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ABSTRACT

.The main objectives of this paper are: to discuss the need for earthquake-resistant design (EQ-RD} and EQ-
resistant construction (EQ-RC) approaches that will result in buildings with more predictable performance under
EQ ground motions (EQGMs) than structures built according to current approaches; to present a general
conceptual framework for performance-based EQ-RD and EQ-RC; to review a general comprehensive
performance-based EQ-RD approach based on the use of energy concepts, performance (or damage) indices, and
fundamental principles of structural dynamics and comprehensive design philosophy; to compare the general
approach to current code; and to identify research needs for improving the proposed approach and its
implementation in practice,

KEYWORDS

Comprehensive design; conceptual design; energy balance equation; energy-based design; damage index; damage
spectra; performance-based seismic design; performance design objectives; performance levels; performance
objective matrix.

INTRODUCTICN

A review of the performance of facilities during the EQs of the last decade, particularly the 1989 Loma Prieta,
the 1994 Northridge, and especially the 1995 Great Hanshin, clearly shows the need for EQ-RD and EQ-RC .
approaches that will result in civil engineering facilities that perform more predictably under EQGMSs. The
number of people made homeless and the level of economic loss from physical damage to nonengineered houses
and engineered facilities, and particularly from functional and indirect damages, are socially and economically
unicceptable. This is not surprising in view of the insistence of current seismic codes on EQ-RD approaches that
are based on just a life-safety performance level which has no clear quantitative definition, and on following
procedures that satisfy only strength requirements. Although the understanding of the basic problems created
by EQs and of the behavior of structures subjected to EQGMs has improved significantly, and this improvement
has been reflected in the formulation of improved code requirements for the design and particularly the detailing
of structural members, current seismic code design approaches fall short of realizing the goals and objectives
of the worldwide-accepted philosophy of EQ-RD. Present seismic codes are not transparent, i.e., their regulations
do not present in a visible way the basic concepts that govern the EQ performance of civil engineering facilities.
Arising from the above need, already pointed out by the 1989 Loma Prieta EQ and emphasized by the 1994
Northridge EQ, the Structural Engineering Association of California (SEAQC), established the Vision 2000
Committee to develop a conceptual comprehensive framework for seismic codes. This framework, which is
called performance-based seismic engineering, regulates all areas that a seismic code should: conceptual overall
design, preliminary numerical design, acceptability analysis, final design and detailing, quality assurance during



construction and monitoring of occupancy and maintenance. The authors, based on studies they conducted
previously, have developed and incorporated into this performance-based seismic engineering a comprehensive
EQ-RD approach. 1t considers four performance levels (service or fully operational, operational, life safety, and
impeding collapse) and four levels of EQGMs (frequent, moderate, rare, and very rare or extreme). The iterative
procedure involved in this general comprehensive approach is reviewed below in some detail. The conceptual
methodology for the comprehensive performance-based EQ-RD was developed in accordance with the
comprehensive design philosophy and in compliance with the worldwide-accepted EQ-RD philosophy, ard is
based on the use of energy concepts and fundamental principles of structural dynamics. It takes into account
from the beginning of the EQ-RD procedure the simultaneous demands for strength (C,), deformation (8) and
rate of deformation (including torsional effects), and their combined effects on the energy input (E;), on the
demanded and supplied energy capacities [Eg (elastic energy) = Ey (kinetic) + Eg (elastic strain), and the Ey,
(dissipated energy) = Eyy  (hysteretic plastic deformations) and EH& (damping)] of the entire facility system and
on theé acceptable damage at the different limit states associated with the desired performance levels. Before
discussing this comprehensive EQ-RD approach, it is convenient to define and discuss briefly what is understood
by performance-based seismic engineering.

PERFORMANCE-BASED SEISMIC ENGINEERING

The Vision 2000 Committee of SEAOC in its 1995 report has defined performance-based seismic engineering
as "a process that begins with the first concepts of a project and lasts throughout the life of the building. It
includes identification of seismic hazards, selection of the performance levels and design performance objectives,
determination of site suitability, conceptual design, numerical preliminary design, final design, acceptability
checks during design, design review, quality assurance during construction, and maintenance during the life of
the building.” A conceptual framework for performance-based seismic engineering has been developed. This
framework, which focuses on the case that seismic hazards control the design of building facilities, encompasses
the full range of seismic engineering issues to be addressed in the design, construction and maintenance of
structures for predictable and controlled seismic performance within established levels of risk. Herein only the
methodology of the proposed comprehensive EQ-RD approach will be discussed.

COMPREHENSIVE EQ-RD APPROACH

Selection of Performance Objectives

The first step of the comprehensive design approach is the selection of the performance objectives. These are
selected and expressed in terms of expected levels of damage resulting from expected levels of EQGMSs. This
selection is made by the client in consultation with the design professional based on consideration of the client’s
expectations, the seismic hazard exposure, economic analysis and acceptable risk. A design performance
objective couples expected performance level with levels of possible seismic hazard, as illustrated in the
Performance Objective Matrix (Fig.1). Performance levels are defined in terms of damage to the structure and
nonswuctural components, and in terms of consequences to the occupants and functions of the facility. The
performance levels in Fig. 1 are as follows: Fully Operational or Serviceable (facility continues in operation with
negligible damage); Operational or Functional (facility continues in operation with minor damage and minor
disruption in non-essential services); Life Safety (life safety is substantially protected, damage is moderate to
extensive); and Near Collapse or Impending Collapse (life safety is at risk, damage is severe, and structural
collapse is prevented). The seismic hazard at a given site is represented as a set of EQGMs and associated
hazards with specified probabilities of occurrence {freguent, occasional, rare and very rare).

Performance objectives typically include multiple goals. For example, for a given site they may be: fully
operational in the 43-year event, operational in the 72-year event, life-safe in the 475-year event, and collapse
prevention in the 970-year event. Two set of objectives are identified. (i) Minimum objectives: within this set,
the Basic Objecrive is defined as the minimum acceptable performance objective for typical new buildings, while
Essential/Hazardous Objectives and Safety Critical Objectives are defined as minimum objectives for facilities
such as hospitals and nuclear material processing, respectively. These three minimum objectives are illustrated
in Fig. 1 as diagonal lines in the Performance Objective Matrix. (ii) Enhanced objectives: other objectives
providing better performance or lower risk than the minimum objectives may be selected at the client’s discretion.
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Figure 1. Recommended Seismic Performance Objectives for Buildings (SEAOC, 1995)

These objectives are termed "enhanced objectives." The selection of performance objectives sets the acceptability
criteria for the design. The performance objectives represent performance levels, or damage levels, expected to
result from the selected corresponding design EQGMs. The performance levels are keyed to limiting values of
measurable structural response parameters, such as drift, deformation rates, and ductility (monotonic and
cumulative) demands. When the performance levels are selected, the associated limiting values become the
acceptability criteria to be checked in later stages of the design.

Site Suitability

Before starting the structural design process, site suitability and seismic hazard analysis must be undertaken
considering the proposed performance objectives. The EQGM design criteria are established and characterized
in a form suitable for the anticipated structural analysis and design methods. Seismic hazard analysis determines
the design EQGMSs and other significant actions for the specified design events considering all critical seismic
sources. It has to be decided whether it is economically possible to build the building on the selected site.

Conceptual Overall Seismic Design

Once the performance objectives are selected and the site suitability and seismic ground motions are established,
the structural design process begins with the conceptual overall seismic design of the facility and acceptability
checks of the conceptual overall design. Since the conceptual design is closely tied to the desired performance
of a building, guidelines specifying appropriate limitations for configuration, structural layout, structural system,
structural materials, and nonstructural components and their materials are needed for each performance objective.
These must be defined in terms that are usable at the conceptual design stage. The level of restriction should
increase in severity with the level of performance objective, and should reflect the excellent historical
performance of regularly configured structural systems composed of well-detailed ductile materials properly
constructed and maintained. A list of guidelines for overall seismic design of the entire building system is given
in Appendix B of the SEAOC 1995 report.

Selection of the structural system and the design strategy to be used in the preliminary EQ-RD and the final
sizing and detailing of the structural members should consider application of energy concepts through the use
of the energy balance equation, which can be written as:

E =E; + Ey = Ep « Eg + By + Ey 1
where E; is the energy input at the foundation of the building due to the EQGMs, Eg, is the stored elastic energy,
Ep is the dissipated energy, Ey is the kinetic energy, Eg is the strain energy, EHg is the energy dissipated
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through hysteretic damping and Ey  is the energy dissipated through hysteretic plastic deformation. The designer
analyzes whether it is technically and economically possible to balance the seismic demand (Ep} using only the
elastic behavior of the structure (Eg), or whether it is better to attempt to reduce Eg by dlSSlpatmg the effects
of Ey as much as possible using Ep,. As shown in Eq I, there are three ways to increase Ep: one is to increase
the linear viscous dampmg, EHQ ; another is to increase the plasttc hysteretic energy, Eyy, ; and third is a
combination of increasing both. It is common practice to try to increase Epy, as much as possible through
inelastic behavior through the use of deformation ductility ratio, which implies damage of structural members
throughout the structure. Only recently has it been recognized that it is possible to increase Eyye significantly and
control damage through the use of energy dissipation devices at proper locations throughout the structure.
Increasing Ep, by increasing Egy rather than Eyy has the great advantage of providing control of the structure’s
behavior throngh all of its lumt states (impending coﬂapse safety, operational or fully operational performance
levels). Increasing EH by just increasing p will not improve behavior at the service limit state. If it is technically
or economically lmpossﬂ)le to balance the required E; by E alone or through EE + Ep, the designer has the
option of attempting to decrease the E; to the structure. Th;s can be done by seismic base isolation techniques.

Comprehensive Numerical EQ-RD

In accordance with the comprehensive design philosophy, in the comprehensive EQ-RD approach an iferative
procedure that starts with an efficient preliminary EQ-RD is recommended. The preliminary EQ-RD is divided
into two main phases: establishment of the design EQGMs, and numerical preliminary design procedure.

First Phase: Establishment of the Design EQGMSs. The essential information needed is the time history of the

expected EQGMs at the different recurrence periods of the performance levels to be considered. Because of the
uncertainties in predicting such EQGMs, it is necessary to specify for each recurrence period a svite of EQGM
time histories. With this information, engineers can compute the specified detailed information needed to conduct
the preliminary EQ-RD and acceptability analysis. The specific information to be obtained from processing the
time history of the EQGMs at each of the recurrence periods are the Smoothed Inelastic Design Response
Spectra {SIDRS) for strength, total acceleration, velocity, displacement, energy input and energy dissipation
corresponding to the predicted or established suite of EQGMs. These spectra have to be computed considering
the different levels of displacement ductility ratio, pg, that can be accepted according to the desired performance
(damage) at the recurrence period under consideration. These spectra should include as a particular case the
Smoothed Linear Elastic Design Spectra (SLEDRS) for pg= 1, and the SLEDRS corresponding to the EQGMs
inducing allowable stress.

Second Phase: Numerical Preliminary Design Procedure. In order to arrive at the desired final design, it is
necessary to start with a preliminary numerical design procedure, whose main objective is a design that is as
close as possible to the desired final design. The numerical preliminary design phase consists of three main
groups of steps: (i) preliminary analysis, (ii) preliminary sizing and detailing and (iii) acceptability checks of
the preliminary design.

In the preliminary design, the structural framing elements are sized and checked against selected criteria. The
sizing is accomplished using a systematic design approach, which usually involves designing to at least meet two
performance design objectives, one for full operation (service) and one for life-safety.

(i) Preliminary analysis. The preliminary analysis can be formulated using an equivalent single-degree-of-
freedom (SDOF) system as follows:

GIVEN: Function of building and desired performance design objectives; general configuration, structural layout,
structural system, structural materials and nonstructural components and contents; gravity, wind, snow and other
possible loads or excitations; and SLERS, SIRS and y-spectra for frequent minor and rare major EQGMs. The
parameter y is defined by Fajfar (1992) as:

Y =
m

where @ is the frequency associated with the fundamental period of translation (T) of the structure, and m is



the reactive mass.

REQUIRED: Establishment of design criteria (acceptable damage levels under the established EQGM levels),
minimum stiffness (or maximum period T) and minimum strength of the building capable of controlling the
damage, the design seismic forces; and the critical load combinations.

SOLUTION: based on a tmansparent approach that take into account from the beginning that the building
structure is a multi-degree-of-freedom (MDOF) system and that there can be important torsional effects even
under service EQGMs (i.e., in the linear elastic response), and that for safety EQGMs these effects can be
different; and that it is also necessary to consider the desired damage index (control of damage) corresponding
to the hysteretic behavior of critical regions of members and connections, and the ductility ratio that can be used,
as well as the expected overstrength,

Figure 2 shows a flow chart of the steps involved in the preliminary analysis. As shown in this figure, to initiate
the preliminary analysis it is necessary to quantify the performance objectives by setting limits to the maximum
value of all relevant response parameters, which for the case illustrated in this paper are: interstory drift demands
for the service and safety limit states (IDIgpp and IDIg s p, respectively); damage, through the use of damage
indexes {DMgggr and DMq ,p); and probability of failure (PFpp and PFg ). This quantification is possible
tirough the knowledge of the qualitative definition of the Performance Objectives and through initial estimates
of some of the relevant mechanical characteristics of the building, which should be established during the
Conceptual Overall Seismic Design. For example, consider the limiting value assigned to IDIgpp or IDIg,p:
these values depend not only on the performance objectives, but also on the mechanical charactenistics of the
nonstructural elements and the detailing of their connection to the structure.

Because the preliminary analysis is formulated using an equivalent SDOF system, and this model cannot provide
direct estimates of the local seismic demands, it is necessary to consider limits to the maximum value of the
relevant response parameters at the global level. Thus, it is necessary to set limits to the global displacement
demands in the building for service (S ggg) and safety (S gzp) from their corresponding limits for IDIggr and
IDIg - As shown, this is done by using the available estimates of the mechanical characteristics of the building
to establish: a first mode shape, torsional effects, deviation from first mode shape, and concentration of plastic
rotation demands over height.

Next, it is necessary to establish a value of target displacement ductility ratio, pgap - defined as the maximum
value of pg that the structure can undergo during the safety limit state as limited by the requirement that the
demanded EH for this pgrag Will not exceed the supplied EH capacity. As shown, establishing pgr . p requires
using the available estimates of the mechanical characteristics s consider: concentration of nonlinear deformation
demands, ultimate deformation capacity under monotonically increasing deformation, stability of hysteretic cycle,
and Eyy demands. The Epy  demands can be estimated through the use of a y-spectra obtained according to the
esmmted equivalent damping coefficient for safety (§g,p) and the return period associated with the design
ground motion for safety (Tg,). Although in many cases the value of v is practically independent of the T; and
pg (provided pg 2 2), in some cases, such as EQGMs with very narrow frequency content, it may be necessary
to consider the dependence of Yon T,. Using the Park-Ang damage model (1985) and the parameter ¥, estimates
of pgrag can be obtained from the following equality:

DM,,; 8

U mon
B, 0

where 6 is the maximum rotation at the critical section during the seismic Iesponse; 8, mon the ultimate
monotonic rotation for the critical section; B, a parameter that quantifies the IDI increase due to concentration
of plastic rotations in one story; and 8 a parameter that characterizes the stability of the hysteretic behavior of
the frame members. In general, 6 =~ maximum IDI in multistory frames, so that 8 = IDIg 4 can be considered
as an upper bound for 8. On the other hand, 8, .. and P depend on the designer’s decision about the kind of
connections, detailing, level of axial load and shear at critical regions (plastic hinges), and aspect ratio of
members. For example, for RC structures the designer could increase the amount of stirrups at critical plastic
hinges (increasing 8, ,,,,) to increase the value of pgr,p considered in the design of the EQ-resisting structure.

=1+ 972]-"51',\3 &)

Once the pgrag has been established, it is necessary to estimate the value of Typp , which is defined as the
maximum value of T; that the structure can have to limit the deformation demands to values equal to or smaller
thun those imposed by the performance objectives for structural and nonstructural damage (i.e., according to the
~ values of IDIggp and IDIg s ). As shown in Fig. 2, this is possible through the use of the displacement limits
established for the service and safety limit states and their corresponding displacement spectra. Note that the



service displacement spectra is computed using a pg of 1 and according to the return period associated with the
design EQGM for service (Tg ). As indicated in Fig. 2, the values of T obtained for service and safety are
denoted as Tgpp and Tg s, respectively, and once they have been estabhshed TiTaR is established in turn as
the smaller of the two. Before proceeding to the next step, it is necessary to check if the initially selected value
of v is consistent with the obtained value of T;p,gr. If not, the value of ¥ should be actualized and a new
iteration atternpted.

In the exampie -shown in Fig. 2, the value of Typ,g is established according to displacement control
requirements; nevertheless, in some cases the critical value of Ty, may arise from the need to control also
the maximum velocity and/or total acceleration demands. In the latter cases, it is necessary to establish, besides
the displacement design spectra, the spectra for velocity and/or total acceleration. Similar needs arise in the case
that energy demands are relevant for the design of the building (e.g., buildings with passive energy dissipating
devices). A simple method to estimate these demands for safety can be established if, as suggested by
preliminary statistical analysis of the Tesponse of SDOF systems to synthetic and real EQGMs, it is possible to
estimate the E, Ey: and velocity demands in the equivalent SDOF from the values of Tipap, ¥TTAR)- 2nd
S4 saf- Further research needs to be carried to confirm this observation as well as to find a simple way to
estimate the total acceleration in the structure.

As will be discussed in detail later, once Typog and pgrap have been established, the designer may size the
frame members (design for stiffness) and estimate their longitudinal reinforcement (design for strength). It should
be noted that by carrying out the proposed preliminary analysis procedure, the designer may obtain a fair idea
of which are the limit states that control the design, such that early decisions can be made to optimize the design.
For example, if the stiffness required to control damage to the partitions of the building is too high, the designer
could decide to isolate the partitions from the structure or use other partitions less sensitive to stuctural
distortions; or to use special devices to reduce the displacements of the structure (e.g., energy-dissipating
devices). The explicit relationship between selected performance and design can improve the owner’s
understanding that the expected level of damage and economic losses after an EQ is-directly related to his or
her initial investment. This can facilitate the communication between the designer and the owner, and the
recognition by the owner that an extra small amount of money invested in the initial construction can result in
significant savings during the life of the structure.

Note that recently proposed "displacement-based design methods” can be adapted to satisfy the requirements for
performance-based design and considered as a particular case of the comprehensive method presented here, in
which B = 0. In this case, damage is assumed to depend on maximum displacement and not on dissipated energy.
However, as was clearly shown by the Loma Prieta and Northridge EQs, a minimum strength {or maximum
ductility) is needed for most structures to control damage under moderate EQGMs. This minimum strength
depends on the hystereuc behavior and energy dissipation capacity of the structure, represented in the
comprehensive method given herein by the parameter B.

(ii) Preliminary Sizing and Detailing. The preliminary sizing and detailing step may be stated as follows:
GIVEN: gravity, wind, snow and other possible loads or excitations; minimum stiffness and strength of an
equivalent SDOF system required to satisfy the selected seismic performance; critical load combinations; and
mechanical characteristics of the structural and nonstructural materials.

REQUIRED: Preliminary sizing and detailing of both the structural elements [beam and columns sizes and their
flexural reinforcement (in the case of moment-resisting space frames)], and the unintentional structural
(sometimes called nonstructural) components, which can affect the seismic response of the building.
SOLUTION: Select a first period, T}, that is less than or equal to TlT AR Using T, and the selected first mode
shape, to obtain a preliminary sizing for stiffness. Based on these preliminary member sizes, select a minimum
equivalent SDOF strength using the service and safety strength design spectra according to the values of T, and
EsTAR- Consider MDOF and torsional effects, as well as the expected overstrength, to obtain the seismic design
loads for service and safety limit states. Based on the application of linear optimization theory and plastic and
capacity design, design beams and columns in each story to minimize the volume of flexural reinforcement (in
the case of RC), ‘using practical requirements and service forces and moments as constraints so that the
preliminary design simultaneously considers the demands for serviceability and safety.

Note that estimation of design forces, overstrength, and elastic moments to be used as constraints in the
optimization design are in fact part of the preliminary analysis rather than of the design step. However, since
they are intermediate steps between preliminary sizing for stiffness and preliminary sizing and detailing for



strength, they are included in the preliminary design of sizes and reinforcement for the sake of simplicity in the
discussion.

(iii) Accepiability Checks. An acceptability check is performed ¢o verify that the selected performance objectives
are met. The structural response as measured by certain guantifiable parameters must be consistent with the
performance objectives and associated acceptability criteria. The acceptability criteria consist of limiting values
in structural response parameters, associated with selected performance levels or damage levels for specified
levels of EQGM. In a particular building, the design of specific components may be controlled by the same or
different response parameters for the same or different performance objectives. Typical response parameters may
include: stress ratios, deformation and interstory drift ratios, structural accelerations, ductility demand ratios,
damage index, and energy dissipation demand vs. capacity.

Typical limiting values for these response parameters must be established for each performance level through
research, including laboratory testing of specific components and calibrating the limiting values by analyzing
buildings whose EQGM:s and responses, and therefore damages, have been measured (recorded) in past EQs.
Then, in a specific design, the appropriate parameters must be checked at the governing performance levels.
Typically, the design should at least be checked at the fully operational level and at the life-safety level, after
both the preliminary and the final design. In many cases, nonstructural components can be pre-qualified by being
prescriptively designed to meet the target parameters of the structural design. Acceptability checks will involve
both elastic and inelastic analysis methods. Elastic analysis procedures for checking stress ratios and drift are
currently well known and widely used. Several simplified nonlinear inelastic procedures, such as those based
on the use of pushover analysis, are also proposed. .

CONCLUSIONS

The general comprehensive performance-based EQ-RD approach has been applied successfully to the design of
a RC building similar to an existing 30-story building (Bertero et al., 1992) and to a ten-story RC building. The
main advantage of the proposed comprehensive performance-based general EQ-RD is that, notwithstanding great
uncertainties in the numerical quantification of some of the concepts involved, this quantification can be
improved without changing the format of the codified methodology as new and more reliable data are acquired.
The relationships between E; and other relevant seismic demands are usually stable and can be expressed in a
simple manner. The use of these relationships simultaneously with performance indices or functions makes it
possible to establish a rational and simple EQ-RD procedure that accounts for performance considerations. One
sucli method, which conciliates the analysis and design phases of the overall EQ-RD procedure, is based on
energy concepts. This method provides a simple way to estimate the relevant seismic demands in a building
while allowing the designer to be an active part of the overall EQ-RD procedure. Nevertheless, at this stage there
is still a considerable amount of experimental, field and analytical research that needs to be carried out to create
a solid basis on which the proposed method can be properly implemented in practice.
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ABSTRACT

The main objectives of this paper are: first, to discuss the main purpose of seismic design, and to clarify what
is understood by "design criteria” by discussing their role in the overall design process and the importance of
properly selecting and establishing them to ensuré that the main objectives of the design are satisfied; and
second, to discuss the state of the art in earthquake-resistant design (EQ-RD) criteria. After a review of the
general philosophy of EQ-RD and the available design philosophies and approaches, it is concluded that the most
attractive design philosophy for EQ-RD appears to be the comprehensive design philosophy. Recent proposals
for new approaches to EQ-RD of buildings aimed at designing buildings with more predictable performance are
reviewed. Then the paper focusses on the recently proposed performance-based seismic engineering of buildings
and the design criteria involved in the different approaches that have been suggested for conducting
performance-hased EQ-RD. Emphasis is placed on discussing the multi-level design criteria that need to be
adopted to cover the main performance design objectives recommended in the proposed comprehensive EQ-RD
approach. The difficulties encountered in the practical application of this approach are discussed, and some
recommended procedures for acceptability checks involved in a proposed simple force/strength approach are
critically reviewed. The need to develop EQ-RD approaches that are based on mulfi-level probabilistic structural
performance criteria is stressed, and recent studies in this area by Wen and his associates are briefly reviewed.
Recommendations for research to improve the state of the art in EQ-RD criteria, and consequently the state of
the practice in EQ-RD, are formulated.

KEY WORDS

Allowable stress design; comprehensive design; design criteria; design philosophy; earthquake-resistant design;
life-safety; limit design; multi-level design criteria; performance-based seismic design; performance design
objectives; performance levels; plastic design; probability of failures; reliability; structural safety.

INTRODUCTION

Main Purpose of Design. From the structural engineering point of view, the main purpose of design is to devise
a technically and economically efficient system to resist and transmit the forces and/or deformations induced by
the excitations imposed by the environment in which the facility is to be built. Thus, the purpase of structural .
design is to produce optimum structures, as has long been stated clearly by several authors (Gallagher, 1973;
Rosenblueth, 1974; Esteva, 1980). As pointed out by Rosenblueth (1974), "Optimization should consider not only
the initial cost of the structure, but also: the benefits to be derived from the structure while it survives, the
present values of maintenance, damage and failure costs; and the probabilities that the siructure might suffer
damage or failure as a function of time." Thus, a rational approach to design requires computing the probabilities
that a structure will undergo given degrees of damage and the probability that it will suffer failure. Generically,




these quantities are referred to as probabilities of failure. Their complements, or probabilities of survival, are
called reliabilities. Gallagher (1973) pointed out that, "In contrast to analysis technology, optimal structural
design technology has not yer enjoyed the predicted andlor expected acceptance in practical design, and that
it is difficult to ascertain the full range of considerations responsible for the slow acceptance of the available
design technologies in the computational aspects of practical design.” This statement is still valid today.

Esteva (1980) discussed the nature and objectives of EQ-RD as follows: "Engineering design is rooted in
society’s need to optimize. It implies considering alternate lines of action, assessing their consequences, and
making the best choice, In earthquake engineering, every qlternate line of action includes the adoption of both
a structural system and a seismic design criterion, while the assessment of consequences implies estimating
structural response and hence expected cost of damage. The choice is based on comparison of initial,
maintenance and repair costs for the various alternatives." After also considering the approximations implicit
in conventional criteria for prediction of structural response and the general goal of optimization in terms of
direct particular objectives, Esteva concludes that: "Achievement of the foregoing objectives requires miich more
than dimensioning structural members for given internal forces. It implies explicit consideration of those
objectives and of the problems related ro nonlinear swructural response and to the behavior of materials,
members and connections when subjected to several cycles of high-load reversals. It implies as well the
identification of serviceability condirions and formulation of acceprance criteria with respect to them.” Esteva’s
publications make it clear that achievement of optimum EQ-RD and EQ-resistant construction (EQ-RC) requires
more than independent structural analysis, studies of the mechanical behavior of a structure, and dimensioning
of structural members for given internal forces. It requires both a clear understanding of the role of each of the
above aspects and an overall grasp of their intimate relationship in each phase of the total design process.

Total Design Process. As is discussed in two companion papers (Bertero, R.D. er al., 1996; Bertero, V.V., 1996},
the total design process of a civil engineering facility usually involves several phases, of which the following
four are the most important: (1) conceptual overall design, or planning phase; (2} preliminary design phase,
which usually involves approximate analysis; (3) rigorous analysis and final design phase; and (4)
acceptability check of final design and detailing phase. The first, and perhaps most difficult, technical problem
in carrying out this total process is the formulation of the design criteria,

Design Criteria

Biggs (1986) defines design criteria as those rules and guidelines which must be met to ensure that the objectives
of the design are satisfied. The three major objectives are (I} safety, (2) performance of function, and (3)
economy. Safety is the most important objective, because structural failure usually endangers human life and
always involves economic losses due to physical and functional damages. It must be recognized that no structure
is totally safe: that is, there is always some finite probability of failure due to human error in design and
construction, or unforeseen natural catastrophe. The required degree of safety depends on the function of the
structure, which determines the uncertainties in performance and the penalty for failure. Even if a structure is
safe against collapse, it may deflect or vibrate excessively and interfere with its intended use. Functional
requirements must be met if the structural design is to be satisfactory. Having satisfied objectives (1) and (2),
the structure must be designed for minimum cost. However, there may be a trade-off between objectives (2) and
(3), and a final decision must be based on a minimum cost/benefit ratio. The cost of the structure may not be
considered in isolation. The important consideration is the cost of the total project, and the most economical
structure may result in higher costs of other nonstructural systems.

EQ-RD Criteria and Their Function. In discussing the problems of EQ-RD, Housner er a/. (1982) noted that
when formulating the design criteria it is necessary 10 keep in mind that, fundamentally, they are a means of
specifying the desired earthquake-resistant capability of the structures and the facilities. The objectives of the
criteria are twofold: first, to provide levels of EQ resistance for the various parts of the project that are consistent
relative to each other; and second, to provide a level of EQ resistance that is appropriate to the desired
performance of the facility. The above authors pointed out that the primary function of design criteria in general,
and EQ-RD design criteria in particular, is to restate a complex problem that has unknowns and uncertainties
in an unambiguous, simplified form having no ambiguities. The design criteria should provide clearly stated
guidelines for the designers. In the preparation of the design criteria, allowances must be made for the
uncertainties, and it is necessary to be cognizant of all the unknowns for which allowances must be made.
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The ideal philosophy of EQ-RD should attempt to realize all of the objectives of the above general philosophy
by providing all the needed stiffness, strength and energy dissipation capacity with the minimum possible extra
cost in initial construction as well as in its maintenance during its service life and the slightest possible sacrifice
in the architectural features required for the design of the building for just gravity loads.

U.S. Code EQ-RD Philosophy and Criteria. The primary function of a building code is to provide minimum
standards to assure public safery. In view of this, it is not surprising that SEAOC has established a seismic code
philosophy that is in accordance with the above primary function of building codes. Thus, the basic philosophy
of the SEAOC seismic code, as well as of most of the other seismic codes, has been to protect the public in and
about buildings from loss of life and serious injury during major EQs. In few words, current code design
methodology is based on a one-level design EQ. Moreover, the SEAOC commentary states that, “the protection
of life is reasonably provided but not with complete assurance.”" To summarize, the primary goal of the U.S,
seismic provisions is to protect life. The secondary goal is to reduce (not eliminare) property damage. The
questions that need to be answered are: First, Does the application of current seismic code provisions
accomplish the above goals?;, and second, Are these goals sufficient?

Uang et al. (1991) have shown that the UBC- (or SEAOC-) specified seismic design procedure cannot
adequately control the general demands that can be imposed by service EQGMs. The author has long believed
that it will be very difficult to satisfy the criteria for all three objectives of seismic design philosophy by keeping
the present building code design methodology, which requires only one level of design EQ (life-safety level),
and thus there is a need fo move from the current code one-level design EQ criteria and methodology to multi-
level criteria and methodology based on at least two distinct levels of design EQs: the service-level (functional
adequacy) and the life-safety level EQs. In 1974, Bertero er al. developed and applied a nonlinear EQ-RD
procedure for multi-story steel frames based on two levels of design EQs. This procedure was extended to the
optimal EQ-RD of RC ductile moment-resisting frames employing a computer-aided iterative technique
(Zagajeski et al., 1977). The idea of using two levels of design EQ is not new. In the U.S., its application and
introduction into seismic codes were discussed in the 1970s. The 1981 Japanese Building Standard Law (BSL)
explicitly specifies a two-level design EQ: moderate EQGMs, which occur several times during the service life
of the building with almost no damage, and severe EQGMs, which occur less than once during the use of the
building and would not cause collapse or harm to human lives. While buildings not higher than 31 m (102 ft.)
can be designed under just moderate EQGMes, buildings higher than 31 m must be designed for the both levels.

Recently, SEAOC, recognizing the need to design structures with more predictable performance, has developed
a conceptual framework for what is called Performance-Based Seismic Engineering of Buildings (PBSEOB)
(SEAOC, 1995), which considers multi-level EQ-RD criteria.

MAIN ISSUES IN IMPROVING THE DESIGN CRITERIA FOR EQ-RD OF STRUCTURES

As discussed earlier, the information needed to improve prediction of EQ responses of structures can be grouped
into the following three basic elements: EQ input, demands on the structure, and supplied capacities to the
structure. These three basic elements of the EQ response problem are discussed briefly below.

EQ Input: Establishment of Design EQs and Design Criteria. The design EQs depend on the design criteria, or
the limit states controlling the design. Conceptually, the design EQ should be that EQGM, out of all probable
EQGMs at the site, which will drive a structure to its critical response. In practice, the application of this simple
concept meets with serious difficulties because, firstly, there are great difficulties in predicting the main dynamic
characteristics of ground EQGMs which have yet to occur, and, secondly because even the critical response of
a specific structural system will vary according to the various limit states (performance levels) that could control
the design. Seismic codes specify design EQs in terms of a building code zone, a site intensity factor, or a peak
site acceleration, Reliance on these indices, however, is generally inadequate, and methods using ground motion
specrra (GMS), and Smoothed Linear Elastic Design Response Spectra (SLEDRS) based on effective peak
accelerarion (EPA) have been recommended (ATC 3-06, 1978). While this has been a major improvement
conceptually, great uncertainties regarding appropriate values for EPA and GMS, as well as for other
recommended parameters, persist. ‘
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Estimation of Reliable Demands. The major uncertainties in the estimation of the potential demands are due 10
difficulties in predicting the following: (1) the critical seismic excitations and hazards at the site during the
service life of the structure (lack of properly established design EQGMs and critical load combinations); (2) the
state of the entire soil-foundation-superstructure-nonstructural components and contents system when the critical
EQGM occurs [proper selection of the mathematical model(s) to be analyzed]; (3) internal forces, deformation,
stresses and strains induced in the model (structural and stress analysis); and (4) realistic supplies of stiffness,
strength, stability, and capacity to absorb and dissipate energy (i.e., realistic hysteretic behavior) of the entire
facility system.

Prediction of Supplies. The supplies to a facility include not only supplies to its bare superstructural system, but
also supplies that result from the interaction of the bare superstructural system with the soil-foundation and the
so-called nonstructural components of the facility. When such interactions occur, neglecting them in the selection
of numerical characteristics for the design of the structure could lead to completely unrealistic evaluation of the
demands, and consequently could result in a poor final design of the entire building system. In considering the
basic general design equation (Demands < Supplies), the designer might be tempted to increase supplies in order
to overcome the problems created by the uncertainties in the values of demands. However, supply must be
increased very carefully, because it may considerably increase the demands.

Directions Toward Solutions of the Main Issues in Establishment of Design EQs and Design Criteria

General Remarks Regarding the Need for Reliable Site Seismic Hazard Assessment. Before embarking on the
design of a structure at a given site, it is necessary to conduct an analysis of the seismic suitability of the selected
site i.e., a reliable site seismic hazard assessment is needed. Recent EQs have shown that in order to improve
the reliability of this analysis and definition, it is necessary to: {1) improve the identification of all possible
sources of EQs that can affect the site; (2) describe fully and reliably the dynamic characteristics of the ground
motions at the source; (3) quantify how the source ground motions are modified (attenuated or amplified) as they
propagate from the source to the site (i.e., improve the so-called Artennation Law); (4) identify the types of EQ
hazards at the selected site; and (S) estimate the return periods of these EQ hazards at different intensity levels.

Establishment of Design EQ. For any given building to be constructed on a selected site, present U.S. codes
define just one level of hazard (EQGM). Analyses of the damages from recent EQs clearly show the need to
consider more than one level of EQGM for the design of structures. Since damage involves nonlinear response
(inelastic deformation), the only way to estimate damage and the actual behavior of a facility under severe EQ
excitation Is to consider its inelastic behavior. Guided by this basic concept and by the fact that the damage
potential of any given EQGM at the foundation of a structure depends on the interaction of its intensity, its
frequency content, and its duration with the dynamic characteristics of the structure, the author believes that one
of the most reliable ways to define the damage potential of an EQGM is to compute its energy input, E;, to the
foundation of the structure, together with the other associated parameters which can be obtained through the use
of energy concepts (Bertero, 1992).

Use of Energy Concepts in Establishing EQ-RD Ciriteria

Traditionally, displacement ductility ratio has been used as a criterion to establish Inelastic Design Response
Spectra (IDRS) for EQ-RD of buildings. The minimum required fateral strength of a building is then based on
the selected IDRS. As an alternative to this traditional design approach, an energy-based design method was
proposed by Housner (1956). However, it is only recently that this approach has gained extensive attention
(Akiyama, 1985). This design method is based on the premise that the energy demand during an EQ (or an
ensemble of EQs) can be predicted, and that the energy supply of a structural element (or structural system) can
be established. In a satisfactory design, the energy supply is larger than the energy demand. To develop reliable
design methods based on an energy approach, it is necessary to derive the energy equations.

Derivation of Energy Equations. Uang er al. (1988) give a detailed discussion of the derivation of the two basic
energy equations (absolute and relative), and have shown that the maximum values of the absolute and relative
energy input, E; , for any given constant displacement ductility ratio are very close in the period range of



practical interest for EQ-RD of buildings, which is 0.3 to 5.0 seconds. Thus, the two energy equations can be
written as:

E = EBp + Ep) (la) By = (B + B + By + By) (1b)

Where: E\= energy input, Ep = the stored elastic energy, Ep, = the dissipated energy, ]_':K = kinetic energy,
E = elastic strain energy, By = dissipated energy due to hysteretic equivalent linear viscous damping, and
EHp = dissipated energy due to hysteretic plastic deformation. '

Comparing this equation with the design equation (Demands < Supplies), it becomes clear that E; represents
the demands, and the summation of Eg + Ep, represents the supplies. An understanding of Eq. (1) will guide
the designer in establishing the design criteria. Equation (1a) points out clearly to the designer that to obtain
an efficient seismic design, the first step is to have a good estimate of the E| for the critical EQGM. Then the
designer has to analyze whether it is possible to balance this demand with just the elastic behavior of the
structure to be designed, or if it will be convenient to attempt to dissipate as much as possible of the E; using
Ep. As revealed by Eq. (1b), there are three ways of increasing E,: one is to increase EH;: by increasing the
equivalent linear viscous damping, Ejy; another is to increase the hysteretic energy, Eyy ;"and the third is a
combination of increasing Eyy; and Eyy " At present it is common practice to just try to increase the Eyy | as much
as possible through inelastic (plastic) behavior of the structure, which implies damage of the structural members.
Only recently it has been recognized that it is possible to increase the Eyy, significantly and control damage
throughout the structure through the use of energy dissipation devices. Furthermore, as discussed by Bertero
(1992), increasing Ep, by increasing Eyye has the great advantage that it can control the behavior of the structure
under both safety and service levels of!;EQGMs.

If technically or economically (or both) it is not possible to balance the required E; either through E; alone or
Ep+Ep, the designer has the option of attempting to control (decrease) the E; to the structure. This can be done
by base isolation techniques. A combination of controlling (decreasing) the E; by base isolation techniques and
increasing the Ep, by the use of energy dissipation devices is a very promising strategy not only for achieving
efficient EQ-RD and EQ-RC of new structures, but also for the seismic upgrading of existing hazardous
structures. To use this energy approach reliably, it is essential to be able to select the critical EQGM (design
EQ}; in other words, the ground motion that has the largest damage potential for the structure being designed.
E| is a promising parameter for assessing the damage potential of these motions, but this parameter alone is not
sufficient to evaluate (visualize) the Ep, that has to be supplied to balance the E; for any specified acceptable
damage. Additional information is needed.

Information Needed to Conduct Reliable EQ-RD Criteria and Thus EQ-RD _of Buildings. Currently, for
structures that can tolerate a certain degree of damage, the Safery or Survival-Level Design EQ is defined through
Snivothed Inelastic Design Response Spectra, SIDRS. Most of the SIDRS that are used in practice (seismic
codes) have been obtained directly from Smoothed Elastic Design Response Spectra, SEDRS, through the use
of the displucement ductility ratio, pg , or reduction factors, R. The validity of such procedures has been
questioned, and it is believed that at present such SIDRS can be obtained directly as the mean or the mean plus
different values of standard deviation of the /RS, corresponding to all the different time histories of the severe
EQGMs that can be induced at the given site from EQs that can occur at all of the possible sources affecting
the site (Bertero, 1991). While the above information is necessary to conduct reliable design for safety, it is not
sifficient. In other words, the maximum global ductility demand by itself does not give an appropriate definition
of the damage potential of EQGMs. As discussed previously, it has been shown that a more reliable parameter
than those presently used in assessing damage potential is the E;. This damage potential parameter depends on
the dynamic characteristics of both the shaking of the foundation and the whole building system (soil-foundation-
superstructure and nonswuctural components). Now the question is: Does the use of the SIDRS for a specified
global pg and the corresponding E; of the critical EQGM give sufficient information to conduct a reliable
seismic design for safety?

From recent studies (Uang er al., 1988; Bertero, 1991) it has been shown that the energy dissipation capacity
of a structural member, and therefore of a structure, depends upon both the loading and deformation paths.
Although the energy dissipation capacity under monotonic increasing deformation may be considered as a lower
limit of energy dissipation capacity under cyclic inelastic deformation, the use of this lower limit could be too
conservative for EQ-RD. This is particularly true when the ductility deformation ratio, say py , is limited, because
of the need to control damage of structural and nonstructural components or other reasons, to low values
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compared to the ductility deformation ratio reached under monotonic loading. Thus, effort should be devoted
to determining experimentally the energy dissipation capacity of main structural elements and their basic
subassemblages as a function of the maximum deformation ductility that can be tolerated, and the relationship
between energy dissipation capacity and loading and/or deformation history. From the above studies, it has also
been concluded that damage criteria based on the simultaneous consideration of E and pg (given by SIDRS),
and the By are promising parameters for defining rational EQ-RD criteria and procedures. From the above -
discussion, it is clear that when significant damage can be tolerated, the search for a single parameter to
characterize the EQGM or the design EQ for safety is doomed to fail. If future codes perpetuate simple
procedures for seismic design specifying only smoothed strength response spectra, it will be necessary to place
more stringent limitations on the type of structural systems that could be used and on how such procedures
can be applied, and to have very conservative regulations in the sizing and detailing for ductility and in the
maximum acceplable deformations.

NEED FOR FORMULATION OF CONCEPTUAL EQ-RD CRITERIA AND METHODOLOGY

Current seismic codes, in their attempt to be simple (as they should be), have tried hard to simplify the complex
problem of EQ-RD by developing design criteria and procedures based on just one parameter. The result is codes
that are not transparent because their regulations do not present in a visible way the basic concepts which govern
the EQ-RD of structures. Although it is generally recognized that damage is due to deformation, there is no
agreement regarding the main criterion for preliminary EQ-RD of structures. Perhaps as a consequence of past
and present code requirements, present practice emphasizes the use of strength in the preliminary design of
structures. The reasons for and drawbacks of the insistence on using only strength as primary criterion has been
discussed by Bertero (1992). For a long time already it has been recognized by researchers and practitioners that
to produce serviceable, safe and economical facilities, EQ-RD criteria and methods must incorporate drift
(damage) control in addition to lateral displacement ductility as design constraints. The question is how to
achieve such control at the different levels of EQ shaking that can occur during the life of the structure. Bertero
et al. (1991) discuss in detail the issues involved in achieving such control at the serviceability and safety limit
states.

The control of the drift of a structural system under EQ excitation is important for at least three different reasons:
(1) to maintain architectural integrity, thereby avoiding unacceptable damage to nonstructural components; (2)
to limit swuctural damage and avoid structural instability (P-A) problems; and (3) to avoid human discomfort
under frequent minor or even occasional moderate EQ shaking. Story drifts and drift ductility factors may also
be useful in providing information on the distribution of structural damage. Unfortunately, conventionally
computed story drifts may not adequately reflect the potential structural or nonstructural damage to multistory
buildings. In some structures, a substantial portion of the horizontal displacements results from axial deformations
in the columns. Story drifts due to these deformations are not usually a source of damage. A better index of both
structural and nonstructural damage is the tangential story drift index, Ry (Mahin et al., 1976). Furthermore,
some of the nonstructural damages are caused by deformation rates (velocity and/or acceleration), rather than
Jjust deformation. For example, the failure of partitions out of their plane is due to the acceleration perpendicular
to their plane. Damage to equipment and contents of buildings are also due to deformation rates. Thus, it is also
of importance to control the deformation rates to achieve good performance of nonstructural elements, equipment,
contents and, in some cases (e.g., when viscous dampers are used) the structure itself.

In response to the noted weakness of present seismic code EQ-RD procedures based on base shear strength,

which is insensitive to damage in the inelastic (plastic) range, there have been proposals that preliminary design
be based only on lateral stiffness, i.e., only on controlling interstory drift.

Recommended Practical Methods for Desipning Considering IDI

Recently, Bonacci {1994} has reviewed the methods useful for estimating response of yielding RC systems to
EQs with special emphasis on a comprehensive method that enables the designer to evaluate and control member
damage on the bases of an inelastic estimate of nonlinear displacement response. Bonacci’s review is a vote of
confidence for the method proposed by Gulkan er af. (1974) and for that used by Shibata ef al. (1976) in the
well-known proposed substitute structural method. A simplified method for estimating lateral drift of RC
structures has been suggested by Sozen (1983). The method is intended to be used for interpreting experience
and evaluating relative merits of different structural schemes and member sizes on the basis of a tolerable
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damage criterion. The method is conveniently used in preliminary evaluation by simple estimates of the base
shear capacity coefficient. Shimazaki (1984, 1988) investigated the effects of strength and stiffness and of the
type of EQGM on nonlinear displacement response of SDOF systems. The results obtained show that the
nondinear displacement response is equal to the linear response spectral values if the system has a certain
strength which is determined by dimensionless parameters for strength, initial period, and type of EQGM.

Recently Qi er al. (1991) and Moehle (1992) developed two simple and practical EQ-RD procedures based on
displacement (drift) information. One uses displacement information directly, and the other, a ductility-ratio
approach, uses it indirectly, establishing ductility requirements as a function of the provided strength and the
strength required for elastic response. Priestley (1993), after examining current practice in seismic analysis and
design, suggested that our current emphasis on strength-based design and ductility lead us in directions that are
not always rational, and advanced a pure displacement-based design approach. This approach is comparatively
straightforward for a simple multi-column bridge pier. To carry out the proposed procedure a set of elastic
displacement response spectra for different levels of equivalent viscous-damping coefficient, &, are required.
These spectra are called the elastic design displacement spectra for the building site. An initial estimate must
be made of the structural yielding displacement, which could be based on a drift angle, and then the limit to
acceptable plastic rotation of critical hinges has to be determined. Priestley claims this approach has considerable
flexibility, since plastic hinge rotational capacity can be related to transverse detailing (or vice versa) and their
design is not dictated by a somewhat arbitrary decision about force-reduction factors. According to Priestley
(1993}, it would appear that the above method of displacement-based design could also be applied to multi-story
frame or shear wall buildings, provided some additional assumptions are made. The two critical pieces of
information required are: (1) the relation berween maximum interstory drift and structural displacement at the
height of the center of seismic force; and (2) the shape of the lateral force vector to be applied. Although the
displacement-based design approach appears attractive in principle, it will need to be checked by specific
examples covering a wide range of structural types and periods.

The author believes that some of the assumptions made in the proposed displacement-based design methods that
have been proposed can be seriously questioned. One of the questioned assumptions is that inelastic
displacements are equal to those obtained from a linear elastic response. Because of the limitations involved (due
to the assumptions made to simplify the design procedure) in applying each of the practical methods on the basis
of the use of just one parameter, whether strength (as in present codes), or lateral drift, and because of the
difficulties in specifying very clearly the limitations on the application of these proposed methods, the author
believes that to achieve an efficient preliminary EQ-RD, there is a need to consider the following requirements
simultaneously: the strength (based on rational use of g and &), the deformation (based on the limitation of
IDI), the deformation rate, and their combined effect on the energy capacity of the whole facility system. The
need for a rational and transparent approach to the issue of improving EQ-RD criteria and procedures for new
facilities and for upgrading existing hazardous facilities has motivated the author and his research associates to
attempt to develop and apply conceptual comprehensive criteria and methodology for EQ-RD of structures.

Conceptual Criteria and Methodology for EQ-RD of Buildings

As described by Bertero er al. (1993), a new conceptual framework for a seismic code based on the state of the
art in EQ engineering has been formulated. This code framework includes “conceptual criteria and methodology
Jor EQ-RD." The methodology consists of: (1) guidelines for conceptual overall design of entire building
systems; and (2) a conceptual methodology for numerical EQ-RD of building systems in compliance with the
worldwide-accepted EQ-RD philosophy and based on energy concepts, fundamental principles of structural
dynamics, mechanical behavior of entire building facilities, and comprehensive design. The numerical EQ-RD
methodology considers the desired seismic performance of the entire building system explicitly from the
beginning of the EQ-RD process, and concludes by evaluating whether such performance would be achieved.
Detailed discussions of the conceptual methodology for EQ-RD are given elsewhere (Bertero er al., 1993), and
in a companion paper at this WCEE (Bertero, R. D., et al., 1996). This methodology was also used in the
"comprehensive EQ-RD approach™ proposed as the most general and comprehensive approach of those included
in the conceptual framework for "performance-based seismic engineering of buildings" recently proposed by
the Vision 2000 Committee of the Structural Engineering Association of California (SEAQOC, 1995). The
proposed comprehensive EQ-RD approach is illustrated in the flow chart in Fig. 1. As discussed in detail in the
SEAOQC 1995 report, although the proposed approach can be applied for all kinds of structures, its main use
will be for carrying out studies to develop simplified practical methods of performance-based EQ-RD of
certain types of facilities, such as low-rise buildings having relatively regular structural configurations and
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systems and constructed on normal sites. This comprehensive methodology should be used to calibrate simpler
practical performance-based criteria and EQ-RD approaches. Therefore, in practice, the application of this
comprehensive approach will be limited to buildings with irregular configurations, structural layout or structural
systems; or very tall slender building located on normal or abnormal sites. The importance of the detailed chart
in Fig. 1 is that it can be used for the development of any other simplified performance-based EQ-RD approach.

NEED FOR SIMPLIFIED BUILDING CODE EQ-RD CRITERIA AND PROCEDURES

Priestley {1993) stated that, "Given the wide range and occasional gross nature of the assumptions and
approximations inherent in seismic design, we might be better keeping the design and analysis processes simple
enough so that we still understand what we are doing.” The author strongly supports Priestley’s cautionary note
about the tendency for increased complexity in analysis. What is needed is the development of simplified criteria
and numerical EQ-RD procedures for engineered buildings which, backed up by strict code provisions regarding
site conditions, load combinations, building configuration, superstructure, nonstructural components and their
materials and detailing, and the foundation to be considered, can result in construction with seismic performance
that complies with all the performance levels and performance design objectives envisioned in the general EQ-
RD phitosophy on which the comprehensive performance-based EQ-RD approach has been based.

Proposed Simple Codified Performance-Based EQ-RD Procedures. The author believes that there are two
different routes to the development of simplified performance-based EQ-RD procedures that can be codified in
current building codes. These two different routes are: (1) Use of a Deformation (Displacement) Approach; and
(2) Use of a Force/Strength Approach. .

Deformation or Displacement Approach. Discussion of performance-based EQ-RD and the proposed
comprehensive approach leaves no doubt that performance, particularly degree of damage, of an entire building
system is more a consequence of deformations than of forces, and consequently it appears logical that the design
should be based on deformation (displacement or drift spectra) rather than on forces (acceleration spectra). This
is how the comprehensive EQ-RD approach starts the sizing of the structure (Bertero, R. ef al., 1996). For cases
of one-story buildings, the displacement approach proposed by Priestley is atwractive. Efforts should be devoted
to improving the proposed methodology, particularly the development of reliable design displacement spectra
and relationships between equivalent viscous damping and displacement ductility level. Regarding the application
of the proposed method to multistory buildings, as pointed out by Priestley (1993) this would need to be checked
out by specific examples, covering a wide range of structural types and periods. Furthermore, attempts should
be made to extend the proposed methodology to include simultaneous design for at least two performance levels.

Simplified Force/Strength Approach. Inspection of the behavior of engineered buildings during previous EQs
around the world shows that there are certain types of buildings, usually low-rise buildings, that can have
excellent performance under different levels of EQGMs, even if their design used a very simple force/strength
numerical design approach based on just the static equivalent lateral force (ELF) and linear elastic analysis
and design procedure. This excellent performance has been observed when the very simple numerical design
approach has been backed up by strict enforcement of very restrictive code regulations regarding the siting
conditions, relative importance of the EQGMs among other excitations, and the characteristics of the entire
building system. Thus, what is proposed herein is the development of a simplified numerical design procedure
for engineered buildings which, backed up by stict code provisions regarding the applicability of such an
approach (covering the site conditions, building configuration, superstructure, nonstructural components and their
material and detailing, the foundation and the load combinations to be considered) can result in construction with
seismic performances that comply with all the performance levels and performance design objectives envisioned
in the general philosophy that has been formulated by the Vision 2000 Committee (SEAOC, 1995) and on which
the comprehensive performance-based EQ-RD approach illustrated in Fig. 1 has been developed.

Considering that at present the simplest practical design procedure for the design of engineered buildings is based
on the use of the linear elastic ELF procedure that considers just one performance level (the life safety level),
it has been proposed to keep this numerical design procedure but to find out how to improve the regulations and
their enforcement in the field regarding when and how such a procedure can be applied and result in construction
that complies with the general philosophy of the performance-based EQ-RD and EQ-RC. A discussion of the
needed simplifications and improvements is given in the SEAOC 1995 report. Herein is presented only a review
of some methods of analysis that have been recommended lately for conducting the acceptability checks.
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COMPREHENSIVE EQ-RD: ITERATIVE PROCEDURE

COMPREHENSIVE EQ-RD AND EQ-RC

ITERATIVE PROCEDURE
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Fig. 1 Flow chart for comprehensive EQ-RD and
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- Acceptability Checks: Acceptance Criteria. The acceptability checks under the EQGMs (in combination with
other loads that can act simultaneously) comresponding to the service performance level are straightforward
because as the building should remain essentially in its linear elastic range, deformations are directly related to
forces, and the principle of superposition applies. On the other hand, for the other three performance design
objectives considered in the performance-based EQ-RD (Fig. 1), particularly for the life safety and impending
collapse performance levels, considerable judgement should be employed in interpreting the results obtained
using just linear elastic analyses and when these results are compared with the established values for the
parameters controlling the performance (damage) at each of these performance levels.



In the ATC 33-03 project, significant efforts were devoted to the development of simplified procedures, including
some empirical equations using just linear elastic analysis to determine component acceptability (Shapiro er al,,
1996). While the author recognizes the need for such development and applauds efforts to davelop such
simplified procedures, usually these simplifications use empirical equations that are based on assumptions that
limit their applications to real situations. In the determination of the component acceptability, ATC 33-03
proposed that the component actions be classified as being either force-controlled or deformation-controlled,
which are defined as follows: Deformation-controlled action (an action for which deformation can exceed yield,
and the maximum permissible deformation is limited by ductility); and Force-controlled action (an action for
which force cannot exceed yield, and the maximum permissible force is limited by strength).

Recommended Procedure for Determination_of Component Acceptability. For deformation-controlled actions

on primary and secondary components, the demanded internal forces shall satisfy the following equations.
QztQesmQc (2 and Q<Qc )

where: Qg = internal force due to gravity forces acting on component; Qg = component force action due to
earthquake loads determined from the linear elastic structural analysis model subjected to the seismic force V;
Q¢ = the strength capacity of the structural component action represented by the expected strength at the demand
deformation level; and m = a component demand modifier to account for the expected ductile response capacity
of the component. The m factor represents the ratio of permissible component deformation to yield deformation.
It is related to ductility and is obtained from hysteretic data from laboratory cyclic tests and engineering
judgment considering Performance Levels (i.e., acceptable levels of damage).

For force-controlled actions: Qg £ Qgr < Qcr )

where: Qpp = an estimate of the maximum force that can be delivered to the component; and Qg = the strength
capacity of the structural component represented by a lower bound strength. In order to emphasize the
importance of avoiding blind application of the demands resulting from the static linear elastic pushover analysis
or even from the dynamic linear elastic modal spectra response analysis, some of the unexpected and undesirable
inelastic behavior (performance) that can occur is illustrated with results presented in the following discussion
of a simple one-story, one-bay special moment-resistant frame.

Statement of Problem. Consider a MRF building on a site in a regiorn of low seismicity and very heavy
environmental gravity loads (Live and Snow). Assume that: (1) the columns are very strong and stiff compared
to the strength and stiffness of the beam, but that the flexibility of the columns is enough to allow that the
moment diagram under the gravity loads, P, to be the same as the one shown in Fig. 2a, i.e., the moments at
the ends of the girder (i.e., at B and D) when compared to the plastic moment capacity, Mp, of the girder are:

1
(Mp)ig = IMp)lg = =IMy ‘ ©)
and the moment at midspan of the girder, ie., at M (Mp,) is
3 3 3
IMpdesl = =IlMg)al = ZiMp)et = ZIM| (6)
Mgl = 5IMplgl = 3 Mp)gl = M,
The moments induced by the statically equivalent seismic lateral force, (V) are those shown in Fig. 2b, ie.,
(Mg)g) = IMp)gl = _;’.IMPI Y
From examination of the linear elastic analyses of the MRF under PG and (VE)el shown in Figs. 2a and 2b,
respectively, and their superimposed effects, shown in Fig. 2¢, it is clear that the critical section of the girder
appears to be either the end D or the end B, depending on the selected direction of the (Vg),;. For the direction

adopted in the plots of Fig. 2, the critical section is D, and a check of the deformations at this section, blindly
applying Eqgs. 2 and 3, leads to the following results,

Eq. 2 requires that: Mp)g + Mpl)gsm Mp)e (8)
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Using the above values and assuruing m = 2: .;_MP + %MP = 2Mp )
Le., Eq. 2 is satisfied. Eq. 3 requires that: Mp)g £ Mp)¢ (10)

As: Mp)g = %MP and Mp)e = Mp (1) %MP <Mp (12)

Thus Eq. 3 is also satisfied. Therefore, it can be concluded that the existing MRF is adequate to resist the
estimated effects of the EQGMs.

Fallacy of the Conclusions That Have Been Drawn. The fallaciousness of the above conclusions from linear
elastic analysis can be demonstrated by estimating the expected inelastic behavior of the MRF when subjected
to the given Pg and the expected V.

® Nonlinear (Inelastic) Behavior. For the sake of simplicity, consider that the moment rotation (M vs. @)
relationships for the critical regions of the MRF are linear-elastic/perfectly-plastic. Then it is clear that as soon
as the gravity load MRF is subjected to the effects of the EQGMSs (Fig. 2b), the moment at D will increase and
reach the M, capacity of this section D, when (AVE); = (1/3)(Vg),;, as can be seen by adding the moments of
the diagrams shown in Fig. 2a and 2d. After this, a plastic hinge (PH) will be developed at the end of the girder.
Because of the development of this plastic hinge (PH) at D, the moments induced by an increased (AVg), due
to the EQGM excitation will be those shown in Fig. 2e. Thus, in this case it appears that as soon as (Vg) >
(1/3)(VEg), the lateral stiffness of the MRF when subjected to the EQ lateral force will be significantly smaller
than that of the original linear elastic MRF and for which the expected linear elastic lateral deformations and
consequently the inelastic deformations have been estimated.

The Moment Diagrams shown in Figs. 2a, 2d and 2e show that the maximum lateral EQ resistance, i.e..
(VE)max + is controlled by the formation of a new PH at M and which led to the formation of a type of sidesway
mechanism with PHs at D and M that could not have been anticipated just from the linear elastic analysis. The
linear elastic analysis does not give any hint that a PH can be developed at the midspan of the girder, and
consequently no need for special detailing for ductility of the girder at this section would have been required.
The resulting (Vg),. as given in Fig. 2f is shown to be equal to half of the equivalent linear elastic base shear
that was estimated using the ATC guidelines (Shapiro ef al., 1996). Other important observations regarding the
danger of blind use of the results obtained just from linear elastic analyses for judging the expected nonlinear
(inelastic) behavior can be drawn by analyzing what could happen after the effects of the first severe EQGMs
cease and then the MRF is subjected to any one of the following new loading conditions: (a) An increase in
gravity load; (b) A new impulsive EQGM inducing deformations and therefore a Vi, in the same direction
as the original pulse; and (c) A reversal of EQGM, and consequently a reversal of the Vg,

Earthguake Unloading of the MRF. If the EQGM is just a pulse represented by the statically equivalent lateral
force, (VE)max When this EQGM ceases the MRF will unload and during this unloading will respond with a
linear elastic behavior. The changes in the moments throughout the frame are illustrated in Fig. 2g, and the final
moment diagram under gravity alone is illustrated in Fig. 2h. Analysis of this moment diagram shows that the
critical section of the beam under gravity load alone is at M, i.e., at the midspan of the girder, rather than at the
ends of the girders. This change in the moment diagram indicates that the girder will end with an increase in
its vertical deflection at the center. Furthermore, because the moment at M is equal to the plastic moment
capacity, My , of the girder, a small increase in gravity load can induce significant plastic deformations at this
midspan region of the girder, which could not be predicted using just linear elastic analysis as is discussed below
in some detail.

(a) An increase in gravity loads. Can this realistically be expected? Yes, it can if one uses the load combinations
in the NEHRP (1994) recommendations (which are based on probabilistic studies). From analysis of the moment
diagram shown in Fig. 2h, it is clear that any increase in P5 will lead to the development of a PH at section M,
i.e., at the center of the girder span, with an extra significant increase in the vertical deflection, which is very
undesirable and would not have been suspected from the linear elastic analysis alone.

(b) A new impulsive EQGM inducing deformations and therefore a Vg in the same direction as the original

pulse. In this case, the MRF will behave linear-elastically, with a lateral stiffness equal to the original linear
elastic stiffness and the change in moments are given in Fig. 2i. When the Vg reaches a value of
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(VE)p = (3/2)(1\.’[p /h), the moment at D reaches again its plastic capacity, M.p and therefore a PH will be
developed at this section and the MRF cannot resist any extra significant lateral resistance under the Vg in this
direction because an extra PH will also develop at M and a sidesway mechanism, as shown in Fig. 2j, is formed.
Due to this mechanism, significant inelastic (plastic) rotations will be developed at sections D and M, as is
illustrated in Fig. 2. It should be noted that for any given mechanism lateral deformation, the corresponding
mechanism rotations will be twice those that would have been developed if the PHs had developed at the ends
of the girder. Thus, significant plastic rotations will accumulate at D (Fig. 21), as well as at M with the
application of a new EQGM pulse having the same direction and also significant increase in lateral deformation,
Ay, will take place as illustrated in Fig. 2k. This performance cannot be predicted using just linear elastic
analysis; nor, therefore, with Eq. 2.

() A reversal EQGM and consequent reversal of V. In this scenario, once again the MRF will perform in its
linear elastic range with a lateral stiffness equal to that of the original MRF until the moment at B reaches its
plastic moment capacity, Mp which will occur under a (Vg), = (3/2)(Mp/ h). This (Vg), is also the maximum
seismic lateral resistance for the MRF under this reversal of seismic loading, and the frame will start deforming
as a sway mechanism with large plastic rotations at sections B and M.

The above results and discussion make it clear that under a time-history EQGM containing several severe
acceleration pulses capable of demanding the inelastic (plastic) behavior of the frame, there will be a severe
accumulation of plastic rotations, particularly at the midspan of the girder, i.e., at section M, which linear elastic
analysis alone would not be able to predict.

NEED FOR THE DEVELOPMENT OF EQ-RD PROCEDURES AND FORMATS BASED ON
MULTI-LEVEL PROBABILISTIC STRUCTURAL PERFORMANCE CRITERIA

As discussed in the Introduction, it has long been recognized by practitioners and researchers that there is large
variability in the type and degree of seismic hazards (particularly EQGMs) that can develop during an EQ, as
well as in the response of entire facility systems to these hazards. The variability of the response of the entire
facility system is due to the variability of mechanical characteristics of these systems. In spite of this awareness,
these variabilities are not fully accounted for in current EQ-RD code procedures. Thus, it is not surprising that
since the 1989 Loma Prieta and the 1994 Northridge EQs, a strong sentiment has developed among researchers
and practitioners that there is a need to develop EQ-RD formats with explicit treatment of the variables and
uncertainties. Based on this need, Wen (1995) evaluated the reliability of current code provisions and developed
and calibrated reliability design procedures. Furthermore, he proposed a bi-level reliability and performance-based
design procedure in which satisfactory performance of the building is enforced at both the serviceability and life
safety levels.

Wood et al. (1995} proposed and applied a dual-level design procedure in which a building structure is designed
for both an ultimate and a serviceability level force. This procedure is applied to the design of a seven-story RC
MREF, which is also designed according to the 1991 NEHRP provisions. The reliability of the two designs at
different response levels is evaluated. The dual-level design procedure resulted in better drift and damage control
for severe EQGMs. Collins ef al. (1995) developed a reliability-based dual-level seismic design procedure to
address some of the shortcomings of current seismic design procedures. The proposed procedure attempts to
enable designers to achieve code-specified target performance objectives for moderate and severe EQGMs.
Although the procedure is more complicated than current ones, it should help designers to appreciate the
consequences of various design assumptions and to identify critical regions of the structure that require careful
design and detailing. The procedure was developed for steel building structures, but it should be applicable
{appropriately modified) to other types of building structures as well. The procedure requires the designer to
consider two levels of EQGMs. An equivalent system methodology and uniform hazard spectra are used to
evialuate the performance of building structures. Performance is quantified in terms of the probability of
exceeding displacement-based limit state criteria.

CONCLUSIONS AND RECOMMENDATIONS
In formulating the main conclusions of the discussion of the state of the art in EQ-RD criteria, as well as in
formulating recommendations for improving it, it is convenient to distinguish the following two different

purposes for establishing such criteria: one includes the design of very important and/or complex structures, as
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well as investigations in the search for reliable and simplified EQ-RD that can be codified; and the other purpose
is to provide, in an unambiguous and simplified form, reliable rules and guidelines that the average designer can
use in practice, i.e., that can be codified.

Conclusions. In the state of the art in the EQ-RD criteria for conducting research or for the practical design of
important and complex structures, significant progress has been made in the last five years in the development
of EQ-RD procedures that follow the sophisticated EQ-RD criteria that were discussed and proposed in the 1970s
and 1980s. The main accomplishments have been: (1) the development of the conceptual framework for
performance-based seismic engineering whose performance design objective matrix is based on multi-level
design EQGMSs and performance levels design criteria; (2) the development of a comprehensive EQ)-RD
approach whose preliminary design phase is based on satsfying simultaneously the requirements for at least two
performance design objective levels and attempting to produce optimum building structures using energy
concepts; and (3) the development of a reliability-based dual-level seismic design procedure that uses uniform
hazard spectra and an equivalent SDOF system to account for the variability and uncertainties in the EQGMs
and inelastic response of the structures.

In the state of the art in the EQ-RD criteria that can be codified for use in practice by average designers,
although code format, at least in the U.S., has not changed significantly in the 1980s and 1990s, there have been
some attractive proposals for improvement such as: (1) the Department of Energy (DOE) guidelines (Kennedy
et al., 1994), which specify building performance goals in terms of probability of exceedance of some measure
of damage; (2) attractive displacement-based EQ-RD approaches; and (3) simple codified EQ-RD procedures
based on application of elastic ELF.

Recommendations. Many unresclved problems need to be addressed before the recently developed EQ-RD
criteria and approaches can be implemented in practice, which is what is needed to reduce in the short run the
seismic risk in our urban and rural areas. Recommendations for research, development and implementation of
the EQ-RD criteria involved in performance-based EQ-RD are given by the SEAOC Vision 2000 Committee
(SEAOC, 1995). Suggestions and recommendations for future research for improving the basic framework for
reliability-based dual seismic design procedures are given by Collins er al. (1995), Elwood er al. {1995) and Wen
(1995). Because of length restrictions on this paper, the reader is referred to these publications.
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THE NEED FOR MULTI-LEVEL SEISMIC DESIGN CRITERIA
VITELMO V. BERTERO
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ABSTRACT

This paper gives the reasons why there is a need to develop an Earthquake-Resistant Design (EQ-RD)
methodology based on multi-level EQ-RD criteria. It briefly reviews the available philosophies and
approaches for the design of civil engineering facilities subjected to normal types of excitations, and then
discusses the problems of designing against significant Earthquake Ground Motions (EQGMs), which are
considered to be abnormal excitations. The worldwide accepted general philosophy of EQ-RD is discussed,
and a critical review of current code procedures follows. The SEAOC Vision 2000 Committee’s recent attempt
to formulate a conceptnal framework for Performance-Based Seismic Engineering (PBSE) of buildings
subjected to significant EQGMs is discussed in tandem with a discussion of information needed for conducting
Performance-Based EQ-RD (PB EQ-RD). A conceptual comprehensive approach for PB EQ-RD based on
multi-level criteria 1s proposed. A minimum of four discrete performance EQ-RD objectives are recommended.
At least two of the four performance Jevels are recommended for preliminary EQ-RD, and all four perfermance
levels are necessary to check the acceptability of the final design.

KEY WORDS

Comprehensive design; design earthquake ground motions; multi-level design criteria; performance-based
earthquake-resistant design; performance design objectives; performance levels.

INTRODUCTION

The total design process of a civil engineering facility usually involves several phases, of which the following
four are the most important: (1) conceptual overall design, or planning phase; (2) preliminary design phase,
which usually involves approximate analysis; (3) rigorous analysis and final design phase; and (4)
acceptability check of final design and detailing phase. Before starting the design process, it is necessary to
establish the design criteria. Biggs (1986) defines design criteria as those rules and guidelines which must be
met to ensure that the objectives of the design are satisfied. There are three major objectives: (1) safety; (2)
performance of function; and (3) economy.

Safety must be regarded as the most important objective, because structural failure usually endangers human
life and always involves economic losses due to physical and functional damages. It must be recognized that
no structure is totally safe; that is, there is always some finite probability of failure due to human errors in
design and construction, or unforeseen natural catastrophe. The degree of safety required depends on the
function of the structure, which determines the uncertainties in performance and the penalty for failure. Even
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though a structure is safe against collapse, it may deflect or vibrate excessively so as to interfere with the
intended use. Functional requirements must be met if the structural design is to be satisfactory.

Having satisfied objectives (1) and (2), the structure must be designed for minimum cost. However, there may
be a trade-off between objectives (2) and (3), and a final decision must be based on a minimum cost/benefit
ratio. The cost of the structure may not be considered in isolation. The important consideration is the cost of
the total project and the most economical structure may result in higher costs of other nonstructural systems.
The structural cost consists of the total for materials, fabrication, erection and maintenance. Minimizing the
amount of material used does not necessarily ensure minimum cost, because this may result in excessive
fabrication (e.g., steel connections) and erection costs, which are a large part of the total, as well as increased
costs of maintenance (repairs) and loss of function during the service life of the structure.

REVIEW OF DESIGN PHILOSOPHIES AND APPROACHES

In the available literature on design, different terms such as "Design Requirements,” "Design Principles,”
"Fundamental Basis of Design,” and "Design Philosophy” have been used to denote the total design process,
including selection of the design criterion or criteria. Herein the tenm "Design Philosophy and Design
Approaches” will be used, with intended emphasis on the numerical analysis and design phases of the total
process. Before discussing the importance of selecting a rational design philosophy and design approach when
the potential sources of earthquake hazards, particularly when the excitations due to EQ ground motions
(EQGMs) dominate the design, it is convenient to do a critical review of the main design philosophies and
design approaches that have been proposed and used in practice for normal excitations.

Linear Elastic Design Philosephy

The two following approaches, which have been developed and used in present codes and therefore in practice,
are based on the assumption that the structure will behave in its linear elastic range: Allowable-Stress or
Working Stress or Service Stress Design Approach (according to this approach, the structure and its members
are designed to support the working or service loads without €xceeding certain specified allowable stresses);
Strength Design Approach [although this approach is based on the assumption of linear elastic behavior of
the structure, the structural members are designed on the basis of their critical section yielding strength capacity
when subjected to factored service or working loads (excitations)].

Limit Design or Plastic Design or Collapse Design Philosophy

According to this philosophy, the structure is designed on the basis of its collapse strength against properly
factored service or working loads (excitations): Rigid-Plastic Design Approach (this approach is based on the
assumption that the structure’s members have sufficient ductility to allow the development of a collapse
mechanism ignoring the elastic deformations); Elastic-Plastic Design Approach (in this approach, the elastic
and plastc deformations are considered in the redistribution of the internal forces due to the plastic
deformations).

Serviceability Limit States Philosophy

This philosophy considers the performance of the structure under the normal service or working excitations
as in the case of allowable stress approach, but is also concerned with the other requirements besides the
stresses for ensuring a satisfactory use of the building according to its occupancy, including the possible
consequences of excessive deformations and/or deformation rates and vibrations on the persons occupying the
building, and on the nonstructural components (such as cracking, slipping etc.). Note that the limit state defines
a deformation condition of the structure at which it or any part of it ceases to perform its intended function.
Thus, limit states are usually called limits of usefulness.
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Strength Limit States Philosophy

The design based on this philosophy will consider the safety or load-carrying capacity of the building when
it is subjected to the critical combinations of the factored service loads, including not only the plastic swength
of the. members but also the effects of normal classic fatigue, low cyclic fatigue, incremental collapse, fracture
etc. The LRFD approach for steel structures has been developed based on this philosophy.

Comprehensive Design Philosophy

In a discussion of the problem of strength and deformation capacities of buildings under extreme environments,
Bertero (1980) points out that the possible occurrence of a severe event, such as an earthquake, poses special
problems in the design of new buildings and the evalnation of the adequacy of existing buildings. The question
is whether is it necessary only to prevent collapse and subsequent loss of life, or whether the expense of
damage should be limited as well. A solution is offered by the philosophy of comprehensive design, which
was discussed by Sawyer (1964), who proposed a comprehensive design procedure that correlates the
resistance of a structure at various failure stages (limit states or limits of usefulness) to the probability that
possible disturbances can reach the intensity required to induce such failure stages, so that the total cost
(including the first cost and the expected losses from all the limit stages) is minimized. As illustrated in Fig.
1, under increasing loads structures generally fail at successively more severe failure stages with increasingly
less probability that the load will reach the required intensity levels. The relationship shown in Fig. 1 gives
possible structure failure states versus a monotonically increasing pseudo-static load for a typical statically
indeterminate reinforced concrete building. For EQ disturbances, the relationship is more complicated because
of the effect of the cumulative damage induced by repeated cycles of reversal deformations. Owing to the
variability of loss for a given load (or the variability of load for a given loss), this relationship represents the
mean values of the random variables involved. The full distribution, as shown in Fig. 2, can sometimes involve
large variances (Tichy et al., 1964). This should be clearly understood by the analysts and designers so that
they will not put all their trust in numerical results obtained via just one deterministic analysis, no matter how
sophisticated a computer program is used.

COMPREHENSIVE EQ-RD: NEED FOR MULTI-LEVEL DESIGN CRITERIA

For buildings whose design is dominated by severe environmental conditions such as EQGMs, it is required
that the strength, deformation and energy dissipation capacities of the building be established at each main limit
state. Furthermore, to improve seismic hazard abatement, existing buildings must be continuously assessed
for danger under the extreme environmental conditions that can be induced by EQs, necessitating
comprehensive analyses of the buildings to predict their strength, deformation and energy dissipation
capacities at each of the main limit states (performance levels). Thus, to tackle these problems efficiently it
is clear that multi-level anaiysis and design criteria are needed, and from the above brief discussion of the
existing design philosophies it appears that the comprehensive design philosophy is the most attractive one
for solving them. As is shown below, the comprehensive design philosophy covers not only all the
requirements for the worldwide accepted philosophy for EQ-RD, but also the more detailed performance
design objectives that have been included in the definition of the PB EQ-RD adopted recently by the Vision
2000 Committee (SEAOC, 1995).

General Philosophy of EQ-RD

The general philosophy of EQ-RD for nonessential facilities has been well established and accepted
worldwide, and it proposes to prevent: (1} structural and nonstructural damage in frequent minor
earthquake ground shaking, (2) structural damage and minimization of nonstructural damage during
occasional moderate earthquake ground shaking, and (3) collapse or serious damage in rare major
earthquake ground-shaking.

This general philosopby demands the use of multi-level design criteria and it qualitatively agrees with the
comprehensive design concept or philosophy but, as is discussed below, present practical applications of this
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general philosophy fall short of realizing its objectives, mainly because it does not define specifically
(quantitatively) the earthquake ground-shaking and the degree of damage that has to be prevented, and also
because seismic code EQ-RD procedures, following the traditional design procedures for normat types of
excitations (loading), emphasize the use of just the life-safety performance level as a design criterion. To
remedy this, the Vision 2000 Committee has adopted the following more detailed and specific definition of

PB EQ-RD.
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Definition of FB EQ-RD

Performance-based EQ-RD consists of selection of appropriate systems, layout, proportioning and detailing
of a structure and its nonstructural components and contents so that at specified levels of ground motion
and with defined levels of reliability, the structure will not be damaged beyond certain limiting stafes. At
any particular EQ demnand level, a given structure will respond within a particular damage state. An infinite
spectrum of limiting damage states, ranging from no damage to complete collapse, exists. For purposes of
PB EQ-RD, four specific limiting damage states, or performance levels, are defined. The performance level:
is by itself independent of the seismic hazard, however, when coupled with a specific ground motion
criterion, it becomes a performance design objective. Typically, a project should be designed for a spectrum
of seismic design objectives, ranging from no damage for earthquake ground-shaking which is likely to
affect the building relatively frequently to avoiding collapse for infrequent extreme events. The SEAQOC
Vision 2000 Committee has defined four performance levels: Fully Operational, Operational, Life-Safe and
Near Collapse. Furthermore, this Committee has defined as a minimum three standard design objectives.
Thus, it is obvious that PB EQ-RD involves multi-level seismic design criteria.

From the above definitions and discussion, it is clear that earthquake-resistant design must involve
consideration of serviceability and strength limit states and should include the cost of losses. Furthermore,
in view of the uncertainties involved in defining the levels of the EQGMs and in predicting the real
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mechanical behavior, it will be necessary to use a probabilistic approach in such a design. Thus, it becomes
clear that among the different existing design philosophies the ideal one for PB EQ-RD is the
comprehensive design philosophy.

Current Seismic EQ-RD Approaches: A Critical Review from the Point of View of the Accepted EQ-RD
Philosophy on Which PB EQ-RD Approaches Should Be Based

When Vision 2000 began to develop the work plan to produce design and construction standards that will
yield buildings with predictable EQ performance, one of the first questions and problems that needed to be
tackled was whether it will be possible to conduct PB EQ-RD using the present seismic codes’ EQ-RD
approaches, which in the U.S. are based on just a one-level design objective. To answer this question, it is
necessary to review first what is needed to be able to produce EQ-RD and construction of predictable
performance.

Information Needed for Conducting PB EQ-RD of Buildings. As briefly discussed above, the ideal design
philosophy for conducting a PB EQ-RD seems to be the comprehensive design philosophy. According to this
philosophy, the ideal design is that which results in minimum total cost of the facility, which includes not only
the initial cost of construction but the cost of all possible losses (physical and functional) at all the possible
{limir states that the fucility can reach or be subjected to during its service life and the needed repair and/or
upgrading work, as well as the cost of its demolition. Thus, it is clear that the comprehensive design
philosophy and consequently the PB EQ-RD are based on the use of the so-called limit states design
philosophy, but goes beyond this philosophy. The comprehensive design philosophy that recognizes the
uncertainties involved in defining each of the different excitations to which a facility can be subjected, and
particularly their critical combinations (i.e., the design excitations) at each of the different limit states as well
as the uncertainties in defining the engineering parameters controlling the mechanical behavior of the facility,
is a probabilistically formulated limit state design philosophy. To summarize: to conduct PB EQ-RD it is
necessary to apply the comprehensive design philosophy, which is a probabilistically formulated Limit State
Design philosophy based on the use of mulifi-level design criteria, and the use of this philosophy requires the
following information;

. The different sources of excitations (loads) to which the facility to be designed can be subjected
during its service life.

. Definitions of the limit states (performance levels) that need to be considered.

. The variation in the intensity of each of the excitations that can act on the facility during its service

life and the probability that the combinations of these excitations can reach the required intensity to
induce each of the limit states (failure stages) that need to be considered.

. The types of failures (limit states) of the different components, structural and nonstructural, of the
entire facility system, associated with the types of excitation and the increasingly small probability
that the excitations will reach the intensity levels required to induce such failures.

. The costs of the losses (physical and functional) and repairs associated with each of the different limit
states (failure stages) that need to be considered.

Thus, as is the case with any type of engineering design, the most important information for PB EQ-RD is
that concerning the sources of excitations, their variation in intensity with time and their corresponding
probability of reaching the intensity required to induce any of the limit states that have to be considered. Once
this information is available, the owner, together with the designer, has to decide on the performance levels
(limit states) that should be considered in the design together with the recurrence periods over which such
levels are reached in accordance with the controlling excitations at these levels. For example, the owner may
desire a design and construction that will perform as stated in Table 1. According to the expected intensity
and duration of the EQGM excitations and the combination of other significant potential seismic hazards and
loading conditions in the owner-desired recurrence periods, the designer has to analyze whether it will be
economically feasible to design for such requirements and then to offer alternative recurrence periods for the
different limit states. Assuming that a compromise is reached on the recurrence period of the limit states as
indicated in Table 1, the design criteria in the form of PB EQ-RD objectives has been established, and the
next step is to conduct the nccessary analysis and preliminary design to comply with the established muls-
level design criteria.

The necessary analysis and preliminary designs are commonly based on idealized mechanical behavior under
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simplified excitations because it is not usually possible to consider actual behavior and the true history of
disturbances. Sources, treatment and effects of the different types of excitations are summarized in Fig. 3.
Structures are usually subjected to unpredictable fluctuations in the magnitude, direction and/or position of
each of the individual excitations that may act on them during their service life, and the extreme values
between which each of these excitations will oscillate are the only characteristics that can be estimated with
some accuracy. These types of action are classified in Fig. 3 as generalized or variable-repeated excitations.
The types of failures associated with variable-repeated excitations are classified as long-endurance fatigue,
low-cycle fatigue, and incremental collapse. Long-endurance fatigue is only critical for very special structures.
Failure prediction is clearly essential in designing against extreme environments and requires knowledge of
the strength af different levels of structural deformation. The discussion above points out the difficulty in
predicting strength and deformation capacities and the need for a probabilistic approach, or, at least, for
considering the bounds and ranges of probable mechanical behavior and possible excitations.

Table 1. Initial selection of performance levels (SEAOC 1995)

Damage Control
' No struct. Minor struct. | Life safety and | Life safety but
Pcrfonn!ancc No Damage damage, minor damage, economic 1o economic
Levels nonstruct, moderate repairability repairability
damage nonstruct.
darnage
Limit States Service Continuous Immediate Life Safety Impending
Operation Occupancy Cotllapse
Owner desired
recurence 10 years 30 years 50 years 450 years 900 years
period*
Compromise
recurrence 8 years 20 years 40 years 450 years 700 years
period

* note that the values of recurrence periods given herein are arbitrarily selected to illustrate the procedure
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Fig. 3. Sources, treatment and effecfs of excitations on structures (Bertero 1980)

Based on the possible different types (dynamic characteristics) of EQGMs, such as impulsive or harmonic,
and on the relative intensity of the other types of excitations, such as the gravity loads that can be acting
simultaneously with the expected future EQGMs, Bertero er al. (1991) give a detailed discussion of what is
needed regarding the EQGMs, as well as the prediction of the mechanical behavior {dynamic response) up
to each of the limit states involved in the desired performance design objectives of PB EQ-RD. This is done
considering the different types of failures illustrated in Fig. 3. From this information, it is clear that: except
for the rare case in which it is desired to keep the entire building serviceable under even the maximum
capable EQGM, in which case linear elastic analysis and design based on one-level design criteria, can be
used; in all the other cases estimation of the damage potential of the EQGMSs and preliminary design and
analysis of the entire building demand the use of approaches and procedures based on multi-level design
criteria and on nonlinear dynamic analyses. Regarding the expected EQGMs, the essential information
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needed is: the time history of the expected EQGMs at the different recurrence periods corresponding to the
performance levels that should be considered. Note that because of the uncertainties in predicting such
EQGM time histories it is necessary to specify for each recurrence period a suite of EQGM time histories.
With this information, engineers can compute the specific detailed information needed to conduct the
preliminary EQ-RD and the needed acceptability analyses. The specific information to be obtained from the
processing of the time history of the EQGMs at each of the recurrence periods that need to be considered are
the following smoothed inelastic design response spectra (SIDRS) for: strength, total acceleration, velocity,
displacement, energy input, and energy dissipation. These spectra have to be computed considering the
different levels of ductility ratio, p, and damping coefficient, £, that can be developed and accepted according
to the desired performance at the recurrence period under consideration. These spectra should include as a
particular case the Smoothed Linear Elastic Design Response Spectra (SLEDRS) which is for p=1,

From the above discussion it becomes clear that the use of multi-level design criteria requires the
consideration and processing of a lot of information, which makes it difficult for practical applicaton.
However, its use is needed for calibrating the practical simplified design procedures that have been used or
proposed based on the use of just one design criterion, which usually is formulated considering the minimum
requirements of life safety.

CRITICAL REVIEW OF CURRENT U.S. CODE EQ-RD APPROACHES

As discussed in detail in Bertero er al. [1991], the current code EQ-RD approaches for most buildings are
based on the use of a strength (base shear) SLEDRS for just one performance level, the Life Safety level
corresponding to a return period of 475 years. Taking advantage of the dissipation of energy that can be
developed through plastic deformation of ductile structures, the U.S. seismic codes have introduced an EQ-RD
approuch that reduces the demanded linear elastic strength (base shear) through a reduction factor called the
response modification factor, R, by the NEHRP recommendations (FEMA, 1992), or the structural system
SJactor, R, by the SEAOC blue book (1990). To keep code design procedure as simple as possible using only
linear elastic methods of analysis (which allows use of the principle of superposition), the U.S. codes base
their design on either the allowable or service stress-approach (UBC), or the first significant yielding of the
most stressed section (NEHRP). There is no doubt that this is the simplest approach, except for the case of
buildings where prescriptive EQ-RD can be used. However, as shown by Bertera et al. (1991), blind use of
the current linear elastic code approaches, the so-called static equivalent lateral force (ELF) and even the
linear dynamic response spectrum, which are based on the use of R factors whose values depend only on
the type of structural system, independent of the period of the structure and of the EQGMs’ dynamic
characteristics, and of the relative importance of the other types of excitations (loads) that can act
simultaneously with the effects of the EQGMSs, can result in designs that can have quite different performance,
and in several cases in undesirable performance. Furthermore, a main weakness of the ELF approach, as well
as of any other of the current code EQ-RD approaches, is that they are based on just one performance
design objective: life safety. Although the code requires checking the deformations (Jateral interstory drift
indices) from elastic analysis under the design lateral forces against the specified values of the maximum
allowable lateral drift values under working load conditions, and these deformations, modified by a factor that
the NEHRP recommendations called the deflection amplification factor, C,, and by a factor 3(R,,/ 8) in the
1994 UBC code regulations, have to be equal to or smaller than specified maximum acceptable values, it has
to be noted that: first, the deformations obtained from the elastic analysis under the reduced forces for the
life safety EQGMs with a return period of 475 years do not in general represent the deformations that can
be expected under the service EQGMs, i.e., the EQGMs that can occur with a lower return period; and
secondly that these elastic deformations amplified by the specified or recommended deflection amplification
factor in general do not result in a reliable prediction of the actual inelastic deformation that will occur under
the critical EQGMs with a return period of 475 years,

In judging the different code EQ-RD approaches that are based on designing for strength (base shear), as well
as for those new appreaches that have been suggested as promising for PB EQ-RD and which are also based
on just using strength as the main design criterion or parameter, the following should be kept in mind; first,
that the defined performance levels are based on different degrees of acceptable damage and damage is more
a cansequence of the history of deformation and rate of deformation than of strength, and secondly that for
the performance levels accepting damage through the yielding of the structure as a mechanism, the use of the
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yielding strength as a design parameter is completely insensitive to the amount of deformation, i.e., to the
amount of damage, and therefore cannot be used alone to conduct the required PB EQ-RD.

From the above discussion, it is obvious that the current code ELF EQ-RD approach, based on just one
performance level and design objective and on the use of specified linear elastic strength spectrum that is
reduced through specified values for the R factor cannot result in general in the design of buildings with
predictable performance. Because this ELF approach is the most used approach for EQ-RD of buildings, it
would be highly desirable first to investigate the kind of buildings to which it can be applied to achieve
predictable performance, and secondly, what simple modifications can be introduced to extend the applications
of this ELF approach to the PB EQ-RD of other types of buildings. There is no doubt that this is one of the
most challenging tasks for the practical implementation of performance-based EQ-RD. To accomplish this,
it will be necessary to calibrate the needed simplifications to reduce the actual multi-level requirements of
the comprehensive design philosophy to the use of just one performance level and linear elastic analyses. This
calibration can be done through the use of a comprehensive EQ-RD approach based on multi-level
performance design objectives that the author and his associated researchers have developed and applied
(Bertero er al., 1994). A detailed description of the proposed comprehensive EQ-RD approach has been
presented by the author in the report of SEAOC Vision 2000 Committee (1995), where it is pointed out that
the preliminary design of the building based on multi-level criteria (performance design objectives) can be
carried out: designing for just the one limit state (performance level) that appears to control the design, and
then checking for all the others; or designing simultaneously for the demands of two or all the main limit
states, It is recommended to design simultanecusly for at least two limit states: for example, for the design
of a tall building in the San Francisco Bay Area it is recommended to carry out the preliminary EQ-RD for
service (or fully operational) and life safety. No matter how many levels are used in the preliminary design,
the acceptability check of the final design should be conducted considering atl the recommended levels, which
for the PB EQ-RD are four.

It should be clearly noted that the author is not proposing that the comprehensive EQ-RD approach, which
is based on multi-level design criteria, be implemented immediately in present seismic codes. This approach
is proposed for use in investigating how reliable, simple and practical seismic code procedures based on just
a single design criterion (single performance design objective) can be developed.

\
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ABSTRACT

The main objectives of this paper are: to review the history of observed damage after significant earthquake
ground motions (EQGMs) due to adjacency hazards, of which pounding of buildings is just one potential
source, as well as the conclusions and recommendations formulated after the 1985 Mexico City experience;
to discuss briefly the technical and socio-economic problems created by adjacency hazards, with particular
emphasis on pounding, for the earthquake-resistant design (EQ-RD) of new adjacent buildings and for the
seismic evaluation and upgrading of existing hazardous adjacent buildings; to assess the rationality and
reliability of present seismic code regulations for EQ-RD of new adjacent buildings, as well as the standards
and/or procedures for the upgrading of existing adjacent buildings; and to formulate recommendations
regarding what is needed to improve the state of the art and particularly the state of the practice by improving
and/or developing new seismic code regulations for the abatement of the seismic risks that can be generated
by adjacency hazards.

KEY WORDS
Adjacency hazards; adjacent buildings (structures); earthquake-resistant design; hammering; pounding; seismic
code regulations; and seismic upgrading.

INTRODUCTION

Introductory Remarks

Pounding Between Buildings. Field inspections of the performance of buildings after significant earthquake
ground motions (EQGMSs) in urban areas reveal that pounding between adjacent buildings is technically one
of the main sources of damage ameong the different types of damage that can result from seismic adjacency
hazards.

Seismic Adjacency Hazards. In the glossary used in the Standards of Seismic Safety for Existing Federally
Owned or Leased Buildings (ICSSC RP4) and Commentary developed by the Interagency Committee on
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Seismic Safety in Construction (ICSSC) (Todd, 1994), the seismic adjacency hazards are defined as follows:

Hazards caused when adjacent buildings interact during an earthquake. Includes pounding,
effects of one building buttressing another, falling hazards from an adjacent building, and the
consequences of damage to common structural elements, such as party walls (single bearing
walls supporting two adjacent buildings constructed on separately defined parcels of land).

The above potential sources of danger can create complex technical and socio-economic problems. The
complexity of these problems varies depending on whether the probiem at hand is one of design and
construction of new adjacent buildings, or one of evaluation of the presence and relative seismic risk of any
one of the above adjacency hazards in existing buildings and, if one exists, how to remedy it with technical
and economical efficiency. In general, the problems involved in seismic evaluation and upgrading existing
buildings with an adjacency hazard are more complex than those involved in the earthquake-resistant design
(EQ-RD) and earthquake-resistant construction (EQ-RC) of new adjacent buildings. This is particularly true
when the adjacent buildings have different owners and even worse if one or more of the adjacent buildings
under consideration are condominjums. As pointed out by Amold (1995) and discussed later, the socio-
economic problems that can arise because of the need to involve owners of adjacent buildings in costly studies,
design and construction work in which they may not wish to participate can be very complex and difficult to
resolve. Although only the technical problems due to pounding between adjacent buildings will be discussed
herein, it should be clearly noted that the other problems of adjacency must also be addressed if we are to
achieve effective mitigation of seismic risks in our urban areas.

Review of the History of Pounding Between Adjacent Buildings. Adjacency effects due to EQGMs have been
noted because they caused some building distress in most of the past significant EQs that have shaken urban
areas, and the existence of the problem created by these effects, particularly due te pounding, was brought to
the attention of the engineering community by building codes in the 1950s (UBC, 1955 and SEAOC, 1959).
Pounding is a problem related to the separation between adjacent buildings, and occurs when the spacing
between buildings is not sufficient to allow them to vibrate or move freely laterally. In 1961 Blume ez al.
wrote, "The question of what width of separation is sufficient must be considered primarily a matter of
engineering judgement. Arbitrary rules could cause severe hardship in some cases, and would be inadequate
in others." However, perhaps because of the lack of dramatic collapse and/or severe damage, professionals and
researchers did not pay the needed attention to the importance of this problem until the 1971 San Fernando
EQ, when severe structural damage to the basement of the main building at a separation joint and the collapse
of a stair tower of the then recently constructed Olive View Hospital (Bertero, 1973 and Mahin et al., 1976).
Researchers™ interest in conducting detailed studies on this kind of seisimic hazard was triggered by the high
number of engineered buildings that suffered severe damage and even collapse in Mexico City as a
consequence of pounding during the 1985 Michoacan earthquakes. As reported by Bertero {1986), analysis of
the information available on the observed damage of buildings in Mexico City reveals that in over 40% of the
collapsed or severely damaged buildings, pounding between adjacent buildings occurred, and in at least 15%
pounding was the primary cause of building collapse.

Although pounding has been observed in most of the significant EQGMs that have occurred in urban areas
since the 1985 Michoacan EQs, and particularly after the 1989 Loma Prieta EQ and the recent 1995 Kobe E(QQ,
the number of adjacent engineered buildings severely damaged and dramatically suffering from partial collapse
due to pounding in Mexico City in 1985 may in fact be the highest in the history of this kind of EQ damages.
As a consequence of the observed dramatic failures, the following questions were raised: What are the main
reasons for the observed damaging and in many cases devastating pounding of adjacent buildings? Considering
that the historic center of Mexico City is crowded with adjacent buildings without any significant separation,
why did only a relatively small number of these buildings suffer severe damage? An attempt to answer these
questions motivated the preliminary study reported by Bertero (1986).

Types of Observed Pounding Damage. In analyzing the observed damage due to pounding, the damaged
buildings were grouped by Bertero (1986} according to their types and relative separations into the following
three categories: (1) adjacent units of the same building separated through expansion (or consfruction)
Joints; (2) units of the same buildings or adjacent different buildings which are far apart but connected by
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one or more pedestrian bridges; and (3) adjacent different buildings. In connection with this way of grouping
the damaged buildings, it is of interest to note that during the 1995 Kobe EQ the damage to the bridges in the
above category (2) was very high in amount as well as severity, Furthermore, the number of medium-rise
buildings that underwent severe overturning was large, and in several cases buildings overturned across the
street, inducing damage to the building across the street. Another type of damage due to interaction of adjacent
buildings, i.e., pounding, which was observed after the Kobe EQ and which was already noted after the Loma
Prieta EQ (EERC, 1989), was the "pushing" of the end (usually the corner) building of a series of buildings
built very closely adjacent to each other along a block.

Conclusions_From Analyses of the Observed Pounding Damages in Mexico City. From the observed
performance of adjacent buildings in Mexico City during the 1985 earthquakes and the results of the
preliminary studies, the following preliminary conclusions were drawn: (1) In over 40% of the collapsed or
severely damaged buildings, pounding between adjacent buildings occurred, and in at least 15% pounding was
the primary cause of collapse. Relative to the tota! number of adjacent buildings with very small separations
that exist in the center of Mexico City, the number of buildings severely damaged by pounding is very small.
(2) Although severe pounding was the result of insufficient separation between adjacent buildings, this
insufficiency in general cannot be attributed to just one specific reason. It was the result of a combination of
several of the following factors: (a) the unexpected severity of the ground motion and the consequent
insufficiency of the minimum seismic code requirements for the design of structures, particularly for lateral
and torsional stiffnesses and strengths; (b) inadequate building configuration and structural system to resist
Jateral shaking and particularly torsional effects (lack of redundancy of structural defense lines, particularly
against inelastic torsional deformations); (c) cumulative tilting due to foundation movement; and (d) improper
maintenance. (3) Comparison of Mexican and U.S. earthquake regulations indicates that if buildings were
designed and constructed to satisfy just the minimum code requirements, and if ground motions like those
recorded at the SCT station could occur in U.S. cities, the problem of pounding between adjacent buildings
located in soft soils could be even more serious in the U.S. than in Mexico City.

Recommendations Formulated After the 1985 Michoacan EQs. (1) Thorough studies should be conducted of
the performance of adjacent buildings in Mexico City in order to investigate the primary causes of such
performance and to improve present code requirements by determining proper separations between the different
types of adjucent buildings. This will require integrated analytical and field experimental studies. (2) The
probabilities of ground motions like those recorded at SCT happening in U.S. cities should be investigated so
that a more thorough assessment can be made of the implications of the observed performance of adjacent
buildings in Mexico City on U.S. EQ-RD and EQ-RC practices. Furthermore, in order to conduct a thorough
assessment, it would be necessary to study the differences between the building technology used in Mexico
City and that used in U.S. regions of high seismic risk, particularly regarding the type of RC structural system
and proportioning and detailing of its critical regions, foundation, nonstructural elements, workmanship,
inspection and maintenance, all of which are important factors in the seismic response of the entire soil-
foundation-building system. (3) Economical solutions for retrofitting existing adjacent buildings which do not
have adequate separation to avoid severe damage due to pounding should be investigated.

Swdies on Pounding and Other Adjacency Problems Conducted After the 1985 Mexico City Experiences. As
a consequence of the great importance of pounding damage on the observed severe damage of buildings in
Mexico City after the 1985 Michoacan EQs, several researchers have conducted analytical studies and lately
even integrated analytical and experimental studies on the pounding problem. Special technical sessions have
been held on this problem in world and national conferences on earthquake engineering, and numerous papers
have been published on this topic in the pertinent literature. Some recent studies, such as those by Filiatrault
et al. (1995a and 1995b), Papadrakis er al. (1995), Athanassiadou er al. (1994), Anagnostopoulos et al. (1992)
and Jeng et al. (1992) contain extensive lists of references. A search conducted by the author at the EERC
library showed 57 publications on this problem since 1988. On the other hand, the damages caused by the two
other problems of adjacency hazards that have been identified previously have not yet been well documented
and studied.
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Objectives and Scope

Objectives. Besides the above brief review of the observed EQ damage due to adjacency hazards, the main
objectives of this paper are: to discuss briefly the technical and socio-economic problems that can be created
by adjacency hazards in the EQ-RD of new adjacent buildings as well as for the seismic evaluation and
upgrading of existing hazardous adjacent buildings; to assess the implications of the observed pounding damage
on current practice by analyzing the rationality and reliability of present seismic code regulations regarding
the EQ-RD of new adjacent units of the same building or new different adjacent buildings as well as of the
technical standards and/or procedures for the upgrading of existing adjacent buildings; and to formulate
recommendations regarding what is needed to improve the state of the art and particularly the state of the
practice through the improvement of current code provisions and/or the development of new seismic codes or
technical standards for the abatement of the seismic risks that can be generated by adjacency hazards.

Scope. To achieve the above objectives, this paper has been divided into four main parts. The first part is the
above Introduction, which briefly reviews the observed EQ damage due to adjacency hazards, their different
types, and the conclusions and recommendations formulated as a consequence of the 1985 Mexico City
experience. The second part is devoted to identifying the primary technical reasons for the different problems
created by adjacency hazards, as well as the socio-economic issues involved. In the light of the identified
technical reasons for the observed damage due to pounding, the third part of the paper is devoted to analyzing
the implications of the observed damage on the state of the practice as reflected in the current seismic code
regulations and standards in the EQ-RD of new adjacent buildings and the seismic evaluation and upgrading
of existing hazardous adjacent buildings. The fourth part is devoted to formulation of recommendations
regarding what is needed to improve the state of the art and particularly the state of the practice in
mitigating the seismic risks that can be generated by adjacency hazards.

PRIMARY CAUSES OF DAMAGE DUE TO POTENTIAL SOURCES OF ADJACENCY HAZARDS:
TECHNICAL AND SOCIO-ECONOMIC ISSUES

Technical Issues. Obviously the primary reason for damage due to adjacency hazards is insufficient separation.
This is the case when the adjacency hazards in one building are created by deficiencies in an adjoining
building through common elements {walls and/or columns), as well as in the case of pounding of buildings
separated by a relatively large distance but linked by bridges at certain stories, and in some cases the danger
that a medium-rise building will overturn across a street. A serics of questions arise from the observation of
damage due to adjacency hazards: What could constitute a sufficient separation? What parameters control
sufficiency of separation? Is the damage the result of inadequate code regulations regarding minimum
separation? Is it due to violations of the minimum code requirements? These are very difficult questions to
answer (Bertero, 1986). As mentioned earlier in the conclusions offered in the Introduction, in the case of the
observed damage in Mexico City after the 1985 EQs, after preliminary analysis of the available data it
appeared that the insufficient separation between the adjacent buildings that suffered severe damage due to
pounding was the result of a combination of several factors, and could not be attributed to any one factor.

To summarize: the experiences from inspection of adjacency damages, particularly those due to pounding,
appear to confirm that the minimum separation required by seismic codes, or the separation resulting from
designer judgement or design practice not mandated by the enforced seismic codes, is usually adequate for
avoiding severe pounding damage in adjacent well designed, constructed and maintained buildings. On the
other hand, the rationality and reliability of the current requirements of the U.S. seismic codes, as well as those
of other countries, are questionable in the case of two adjacent buildings located on or near the sources of very
severe EQGMSs (near-source effects) and in which one or both offer significant irregularity in plan andfor
elevation.

Socio-Economic Issues. As pointed out in the Introduction, in EQ-RD of new adjacent buildings in urban areas
located in regions of high seismicity, the separation that would be required to avoid the effects of hammering
of adjacent medium and tall adjacent buildings could lead to serious socio-economic problems, particularly in
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urban areas because of the high cost of land. The socio-economic issues, as well as the technical issues,
become significantly more complicated when seismic evaluation and upgrading of existing adjacent buildings
is needed, particularly if the adjacent buildings have different owners, because usuoally this will require the
owner who sees the need for upgrading his or her building either to conduct the needed and costly studies of
the seismic vulnerability of the adjacent building, or to convince the other owner to pay. If the different owners
do not agree, or if one of them refuses to finance the needed upgrading, it becomes very difficult for one
owner to have the upgrading work done. As pointed out by Arnold (1995), the socio-economic problems
involved in the upgrading of adjacent buildings are particularly critical when adjoining buildings have common
structural elements along the property line. In this case, upgrading is very difficuit, if not impossible, without
the neighbor's involvement, and probably some degree of rehabilitation to his or her property. While in
engineering terms it may seem obvious that it is in the adjoining owners’ best interest to cooperate in
evaluation and mitigation, in socio-economic terms there may be many reasons, valid or otherwise, for
reluctance (Arnold 1995).

IMPLICATIONS OF OBSERVED POUNDING FOR CURRENT SEISMIC CODES

The implications of observed effects of pounding between adjacent buildings in Mexico City after the 1985
Michoacan EQs for the Mexico EQ-RD code requirements enforced at the time of the EQs and for the 1985
Emergency Regulations, as well as for U.S. EQ-RD and construction practices as reflected in the 1985 UBC
and SEAOC recomimendations have been discussed elsewhere (Bertero, 1986). Herein, only the implications
of the observed pounding damage and the results of some of the numerous studies that have been conducted
on pounding of adjacent buildings since 1986, for the present 1994 UBC and the 1995 SEAQC proposed
changes for the 1997 UBC will be briefly discussed.

1994 UBC Reguirements

As pointed out previously, the technical problems created by pounding are traditionally associated with
minimum separations between buildings, which is how the seismic codes deal with them. Section 1631.2.11
of the 1994 UBC states:

All structures shall be separated from adjoining structures. Separation shall allow for 3(R,,/8)
times the displacement due to seismic forces. When a structure adjoins a property line not
common to a public way, that structure shall be set back from the property line by ar least
3(R,, /8) times the displacement of that structure. EXCEPTION: Smaller separations or
property line setbacks may be permitted when justified by rational analyses based on maximum
expected ground motions. As a minimwm, building separations or property line setbacks shall
not be less than (R 18) 2 1 times the sum of displacements due to code-specified seismic
forces.

Allowable Displacement Dug to Seismic Forces. According to the 1994 UBC, section 1628.8.2, the "calculated
story drift shall not exceed 0.04IR, or 0.005 times the story height for structures having a fundamental period
of less than 0.7 second. For structures having a fundamental period of 0.7 second or grealer, the calculated
story drift shall not exceed 0.03/R,,, or 0.004 times the story height" EXCEPTIONS are given that permit
these drift limits to be exceeded.

From analysis of the above 1994 UBC regulations, the following observations can be made: (1) these
regulations are very similar to the SEAOC 1985 Tentative Lateral Requirements (SEAOC Seismology
Committee, 1985), which have already been discussed (Bertero, 1986); (2) the UBC regulations address only
the problems of potential adjacency hazards for the EQ-RD of new buildings, and neglect the problems that
these hazards can create in existing adjacent buildings, which the author considers are the most pressing
problems that need to be solved to reduce the seismic risks of our urban areas (there is a huge inventory of
existing adjacent buildings with insufficient separation in most citics); and (3) the rationality and reliability of
the established minimum separation and of the drift limits through the empirical expressions based on the use
of the numerical coefficient R, have been seriously questioned [a more rational establishment of the drift limit
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is the one recommended in the 1991 and 1995 editions of the NEHRP provisions (FEMA, 1992 and 1995)],
and these regulations do not address the large lateral displacement that can be induced by near-source effects
(Iwan 1994, Hall et al. 1995), which were revealed by the EQGMs recorded during the 1994 Northridge and
1995 Kobe EQs. Furthermore, these regulations do not address properly the effects of subsoil on the dynamic
characteristics of the entire building system (superstructure, nonstructural components and contents, foundation
and soil), and consequently on the possible pounding response between adjacent buildings. As noted recently
by Chouw et al. (1995), "Depending on the subsoil conditions, a building system on subsoils can behave very
differently than a system built with fixed base."

As already discussed by Bertero (1986), application of the above regulations results in very large required
separations. For example, for two ten-story (35 m tall) SMRF buildings, the 1994 required gap between these
two adjacent buildings should be 2 (0.0225)35m = 0.79m. Despite this apparently huge spacing, compliance
with this code regulation may not guarantee that pounding will not occur, firstly because the code required
lateral yielding strength for these two buildings is low, and secondly because of the other possible primary
causes of pounding damage that have been discussed previously, to which near-source and subsoil effects
sometimes also have to be added.

SEAONC 1995 Strength Design Code Change Proposal for the 1997 UBC. Ten years after the 1985 Mexico
City experience, the Seismology Committee of the SEAONC has taken an important step toward improving
UBC regulations regarding the required minimum separation for adjacent buildings by proposing to replace
1994 UBC section 1631.2.11 with the following one (section 1648.2.11):

All structures shall be separated from adjoining structures. Separation shall allow for the
displacement, Ay,. Adjacent buildings on the same property shall be separated by at least Ay,
where

Ayr = (Am)z + (Am)z
where Ay, and A, , are the displacement of the adjacent buildings.

When a structure adjoins a property line not common to a public way, thar structure shall also
be set back from the property line by ar least the displacement, Ay, of that structure.
EXCEPTION: Smaller separations on property line setbacks may be permitted when justified
by rational analysis based on maximum expected ground motions.

Section 1645.9.2 Determination of A,,. Except as modified by section 1645 5.5, the Maximum Inelastic respbnse
Displacement, Ay, shall be computed as follows

A, = 0.7TR,R A,

R;= numerical coefficient representative of the global ductility capacity of lateral force resisting
systems (given in tables})

numerical coefficient representing the overstrength inherent in the lateral force resisting system
{given in tables)

Design Level Response Displacement, which is the total drift that occurs when the structure is
subjected to the design seismic forces

el
n

>
]

The equation proposed by SEAONC to compute Ay; can be considered as a compromise between the
requirements of the static method of the 1990 National Building Code of Canada (NBCC) (Filiatrault et al.
1995b) and the approximate method proposed by Jeng er al. (1992), which is based on random vibration
concepts. The 1990 NBCC requires that adjacent buildings be separated by the sum of the anticipated
maximum deflection. The study conducted by Kasai et al. (1991) showed that the required separations, which
ignore the phase between the building motions, are excessive.
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CONCLUSIONS AND RECOMMENDATIONS

From the above discussions, the author believes that the following concluding remarks made in 1986 (Bertero)
are still valid:

To avoid the effects of hammering of adjacent tall buildings, separation would be required that
could lead to serious problems in the economical use of usually very expensive real estate.
Thus, it appears that to avoid damage between adjacent buildings it is necessary to develop
other regulations or requirements than just to specify adequate separation, such as including
in the design and detailing of adjacent buildings the possibility of such hammering. One such
regulation should be that for two adjacent buildings with inadequate separation, the floor
systems of the two buildings should be at the sume level. The use of proper dampers between
the adjacent buildings could also be effective. A simple solution has been suggested by
Rosenblueth and Esteva (Newmark et al., 1971). The problem of proper separation between
adjacent buildings urgently requires consideration in our codes. Economical solutions for
retrofitting existing adjacent buildings which do not have adeguare separation should be
researched immediately.

In view of the results obtained from the analytical and experimental studies conducted after the 1985 Mexico
City experience, it is recommended that further investigations be conducted considering both the fecknical
problems that can be created by near-source EQGMs and by the interaction between buildings with
Joundation and subsoil and the interaction between buildings via the subsoil, and the socio-economic
problems that pounding can generate, particularly in cases where an existing adjacent building needs to be
seismically upgraded. There is also a need to investigate the technical and socio-economic problems that can
be generated by the other types of adjacency hazards, which unfortunately have not been seriously considered
before now.
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ABSTRACT

A historical perspective is presented for three important contributions of Emilio Rosenblueth to
structural dynamics: (1) two modal combination rules; (2) a rule to combine effects of ground
motion components; and (3) a response analysis procedure for multiple-support excitation.
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INTRODUCTION

Emilio Rosenblueth, through his contributions to research in earthquake engineering, had a profound
influence on earthquake analysis and design of structures. His many seminal contributions have
covered an amazingly wide variety of subjects, and many have become an integral part of textbooks
and engineering practice.

They are so well integrated into earthquake engineering as we know it today that many researchers
and engineers using these procedures are unaware of their origins. This paper provides a historical
perspective of three of the perhaps most important contributions of Emilio Rosenblueth to the
analysis of the dynamic response of structures. The contributions selected are (1) two rules for
combining the peak modal responses to estimate the peak response of multi-degree-of-freedom
(MDF) systems; (2) a rule to combine the peak responses due to various components of ground
motion; and (3) a response analysis procedure for multiple support excitation.
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MODAL COMBINATION RULES

Modal Analysis: A Review (Chopra, 1995)

The response of a viscously damped system described by the vector u of nodal displacements relative
to the moving base is governed by the N (= number of degrees of freedom) differential equations

mii + ci1 + ku = p.g(t) (1)

where the effective earthquake forces are

Pe(2) = —mediy(t) (2)

In Egs. (1) and (2) m, ¢, and k are the mass, damping, and stiffness matrices, i4(¢) is the ground
acceleration, and ¢ is the influence vector representing the displacements of the masses resulting
from static application of a unit-ground displacement, u, = 1.

The spatial distribution s = mu of the effective earthquake forces is expanded as

N N
me = Z 5, = z r,m¢, (3)
n=1 n=1

where ¢,, are the natural vibration modes of the system and

L, ,
Tn=1p7 Le=dnme M,=¢imo, (4)

The contribution of the nth mode to s is
s, =T,mo, (5)

which is independent of how the modes are normalized. Equation (3) may be viewed as an expansion
of me in terms of inertia force distributions s, associated with natural vibration modes.

The nth-mode contribution r,(t) to any response quantity r(#) is

rn(t) = r::tAn(t) . (6)

where r*' denotes the modal static response, the static value of r due to external forces s,,. The
algebraic sign of r2! is a property of the structure and the selected response quantity r. In Eq. (6).

42



An(t) = wiDn(t) : (7

Dp(t) and An(t) are the displacement and pseudo-acceleration response of the nth-mode single-
degree-of-freedom (SDF) system, an SDF system with vibration properties—natural period T,
(natural frequency w,) and damping ratio (,—of the nth mode of the MDF system excited by
ground acceleration iiy(t).

Combining the response contributions of all the modes gives the total response:

Z ra(t) = Zr“A ® (8)

n=1

Peak Modal Responses
The peak value of the nth-mode contribution r,{t) to response r(t) can be obtained from the

earthquake response spectrum or design spectrum:

Tho = r:tAn (9)

where the subscript “o” denotes the peak value, defined as the maximum of the absolute value, and
An = A(Ty, (n) is the pseudo-acceleration response spectrum ordinate corresponding to natural
~ period Ty, and damping ratio {,. The algebraic sign of r,, is the same as that of r5' because 4, is
positive by definition. Although it has an algebraic sign, r,, will be referred to as the peaL modal
response because it corresponds to the peak value of 4,,(1).

The peak value r, of the total response r(t) is estimated by combining the peak modal responses
e (R =1,2,..., N) according to the well known modal combination rules: square-root-of-sum-of-
squares (SRSS) rule or complete quadratic combination (CQC) rule, as appropriate. The algebraic
sign of ry, is relevant in the CQC rule, but inconsequential in the SRSS rule.

SRSS Rule

The SRSS rule for modal combination is

N 1/2
T, o (Z r;"m) (10)

n=l1
The algebraic signs of r,, do not affect the value of r, given by the SRSS rule.

The basis for Eq. (10) was developed by Rosenblueth in his Ph.D. thesis (1951); contained on
page 97 is the following equation (in different notation):

N 1/2
E(r,) = (Z [E(r,,,,)]z) (11)

n=1
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where E(z) denotes the expectation of z.

Based on this thesis, an ASCE paper (Goodman, Rosenblueth, and Newmark, 1953} contains the
result:

N 1/2
T4 = (Z r?,d) (12)

n=1

where the subscript “d” denotes the design response.

Counsidering that, in the early 1950’s, the subject of earthquake dynamics of structures was in its
infaney and random vibration theory was unknown to structural engineers, Rosenblueth’s results
are especially impressive. Equations (11) and (12) were derived by expressing structural response
as a convolution integral of ground acceleration and the unit impulse response function, idealizing
the ground acceleration as white noise, and using probability theory. Although the “white noise”
terminology was apparently not used, it was implied by the assumptions (Goodman, Rosenblueth.
and Newmark, 1953): :

“. . . the writers consider motions consisting of random arrays of concentrated

acceleration pulses. . . . The pulses are assumed to be distributed in time in a random
order, either at small, uniformly spaced intervals or at randomly spaced instants of
time.”

Now contained in textbooks and taken for granted in engineering practice, the SRSS rule was first
applied in the design of the Latino Americana tower in Mexico City in 1850. In a letter to me dated
August 3, 1993, Rosenblueth stated:

“If 'm not mistaken, when the Holy Ghost descended on me one cold night in early
1950 in Urbana and told me about SRSS combination of modal responses, He hadn’t
told anyone else. This allowed me to devote the sultry summer to computing the
combined responses (which I had computed in pre-Illiac [computer] days) for the
Latino Americana tower, of which Nate [Newmark] was consultant, and so SRSS was
applied in design for the first time. SRSS was proposed in my Ph.D. thesis, presented
in 1951.7

This modal combination rule usually provides excellent response estimates for structures with
well-separated natural frequencies. This limitation has not always been recognized in applying this
-rule to practical problems, and at times it has been misapplied to systems with closely spaced
natural frequencies, such as piping systems in nuclear power plants and multistory buildings with
asymmetric plan.

CQC Rule

The CQC rule for modal combination is applicable to a wider class of structures as it overcomes the
limitations of the SRSS rule. According to the CQC rule,

N N 1/2
To 2 (Z Z: Pinréorﬂo) (13)

i=1 n=1



Each of the N? terms on the right side of this equation is the product of the peak responses in the
tth and nth modes and the correlation coefficient p;n for these two modes; pin varies between 0 and
1 and pin = 1 for ¢ = n. Thus, Eq. (13) can be written as ’

N N N 1/2
To = (Z ria + Z Z Pinriorno) (14)

n=1 i=1 n=1
|
i#£n

to show that the first summation on the right side is identical to the SRSS combination rule of
Eq. (10); each term in this summation is obviously positive. The double summation includes all the
cross (i # n) terms; each of these terms may be positive or negative. A cross term is negative when
the modal static responses r{* and r% assume opposite signs. Thus, the estimate for 7, obtained by
the CQC rule may be larger or smaller than the estimate provided by the SRSS rule.

The preceding modal combination rule was first derived by E. Rosenblueth and J. Elorduy (1969).
although they did not give it the CQC name, which is due to A. Der Kiureghian (1981). This
result was based on an idealization of earthquakes as stationary Gaussian processes, but modified
to recognize the transient character of actual ground motions. The methods that led to this result
were extensions of Rosenblueth’s early work underlying the SRSS rule.

The 1971 textbook Fundamentals of Earthqﬁake Engineering by N. M. Newmark and E. Rosenblueth
gives the Rosenblueth-Elorduy equations for the correlation coefficient:

1
T4,

Pin =

where

R _ 2 _
w1 —wa/1-C2 =t —— (16)

E' p—
i Clwi + (L wn W

s is the duration of the segment of white noise. Equations (18) and (16) show that pin = ppi
0 € pin < 1; and pip = 1 for ¢ = n or for two modes with equal frequencies and equal damping
ratios.

Although used in some research studies (e.g. Kan and Chopra, 1977), this important result was not
used very widely in engineering practice for many years perhaps for two reasons. First, the statement
defining the algebraic sign of rn, may have been too subtle. This definition (with appropriate change
in notation) appeared in Newmark and Rosenblueth, 1971:

Y .. Tne is to be taken with the sign that ¢, [defined by the authors as the transfer
function for r,,, but generally known as the unit impulse response function for ry] has
when it attains its maximum numerical value.”

Second, it was not obvious how to define the duration s for an actual ground motion or a given
design spectrum (Villaverde, 1984), and the recommendations for s (e.g., 12.5 sec. for earthquakes
on the west coast of the United States) were not widely recognized (Rosenblueth and Esteva, 1964;
Newmark and Rosenblueth, 1971, page 275).
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Later, using a different approach based on random vibration theory in the frequency domain,
Eq. (13) was derived together with the following equation for the correlation coefficient {Der

Kiureghian, 1981):

Pin = 8VCiCn(C-' + ﬂincn)ﬁ?rfz (17)
(1= B 4 46iCaBin(1 + BE) + 4 + (2)BY,

where fin = w;/wn. This equation also implies that pin = pai, pin = 1 for i = n or for two modes
with equal frequencies and equal damping ratios. For equal modal damping ¢; = {, = ¢ this equation
simplifies to

3/2

814 B8
P = TR+ 402 B(1 5 B ) (18)

This form of the correlation coefficient was easier to use relative to Eqgs. (15) and (16), and it gained
widespread popularity.

In order to compare the two equations for the correlation coefficient, Eq. (13) is specialized for
systems with same damping ratic in all modes subjected to earthquake excitation with duration s
long enough to replace Eq. (16b) by ¢ = ¢,. We substitute {; = (, = ¢ in Eq. (16a), introduce
Bin = wifwy, and insert Eq. (16a) into Eq. (15) to obtain

o €2(1+ﬂin)2 |
Pin = T~ B + 4026, (19)

Figure 1 shows Eqs. (18) and (19) for the correlation coefficient p;» plotted as a function of
Bin = wifw, for four damping values: { = 0.02, 0.05, 0.10, and 0.20. Observe ‘that the two
expressions give essentially identical values for p;,.
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Fig. 1. Variation of correlation coefficient p;, with modal frequency
ratio f;, = w;/wy for four damping values; abscissa scale
is logarithmic; Eqs. (18) and (19) are plotted in solid and
dashed lines, respectively.



However, p;, should depend on the effective duration s of the ground motion, which is neglected in
Egs. (17) and (18). In this sense, Eqs. {15) and (16) have a wider range of applicability.

Figure 1 also provides an understanding of the correlation coefficient. Observe that this coefficient
rapidly diminishes as the two natural frequencies w; and w, move farther apart. This is especially
the case at small damping values that are typical of structures. In other words, it is only in a narrow
range of 3, around B;, = 1 that p;, has significant values; and this range depends on damping. For
structures with well-separated natural frequencies the coefficients p;, vanish; as a result all cross
( # n) terms in the CQC rule, Eq. (14), can be neglected and it reduces to the SRSS rule, Eq. (10).

COMBINED EFFECTS OF GROUND MOTION COMPONENTS

Most building codes specify how to combine the effects of various ground motion components. For
example, the Uniform Building Code states:

“The requirement. . . may be satisfied by designing such elements for 100 percent of
prescribed seismic forces in one direction plus 30 percent of the prescribed forces in the
perpendicular direction. The combination requiring the greater component strength
shall be used for design.” ‘

While such combination rules had been proposed and used in the early 1970’s, it appears that
the first published work that provides a rational basis for these rules is due to Rosenblueth and
Contreras (1977). Their approach assumes that such effects are uncorrelated Gaussian processes or

that correlations are taken into account in computing modal responses. A simple approximation was
derived under the additional assumption that the failure surfaces are convex.

The authors state that:
“This approximate procedure is applied as follows:
“l. Compute the responses to gravity loads and to the J components of ground
motion regarded as potentially significant. Let these responses be arranged into

vectors r = r, and r,, respectively, with j =1, 2, ..., J.

“2. Obtain the vectors

J
r=ry + Z a;Y; (20)
=1

assigning plus and minus signs to o;r;, ordering the r; values in all possible
combinations, and giving the a; terms the values in Table 1.

“3. If the problem is one of analysis, find whether all points fall within the failure
surface. If the problem is one of design, assign the design parameters such values
that the safe domain will contain all the points.”

It was shown thet a; =1 and a; = 0.3 for j > 2.

The Acknowledgements section includes the following statement:
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“The simplified procedure was proposed early in 1975 (with a; = 1/3 for j > 2) by
A. 5. Veletsos. Even earlier N. M. Newmark proposed this procedure with a; = 0.4
for 7 2 2. The main ideas in the present paper were developed in Ref. 8 [Rosenblueth,
1975).”

RESPONSE ANALYSIS FOR MULTIPLE SUPPORT EXCITATION
The governing equations for MDF systems excited by prescribed motions dg(t) at the various

supports (I = 1,2,...,N,) of the structure are the same as Eq. {1) with the effective earthquake
forces (Chopra, 1995)

Nﬂ
Per(t) = = ¥ muiig(t) (21)
=1

instead of Eq. (2) where ¢; is the vector of static displacements in the structural DOF due to ug = 1.
The displacement response of the structure contains two parts (Chopra, 1995):

1. The dynamic displacements:

Ny, N
u(t) =Y > Tag,Dult) (22)
=1 n=1
where
L
T = Fnl Luy=¢imy M, =¢lms, (23)

and Dy(?) is the deformation response of the nth-mode SDF system to support acceleration tig(t).

2. The quasistatic displacements u® are given by

Ny
u’' = Zuugl(t) (24)
=1

Combining the two parts gives the total displacements in the structural DOF’s:

Ny

Ny N
w' (@)= cugt)+ 3 Y T Durlt) (25)

=1 i=1 n=1

This well known procedure 1s now a part of textbooks and engineering practice. This author was first
exposed to this treatment in the fall of 1964 when Prof. Rosenblueth presented a graduate course
at the University of California, Berkeley and distributed to the class a draft of the early chapters



of his bock with N. M. Newmark; this procedure appeared in Section 2.4 of the published book.
Soon thereafter, we at Berkeley used the procedure to analyze the earthquake response of earth
dams (Chopra et al., 1969). Later, it was used in many research publications. However, for many
years its practical application was limited for lack of analytical methods and instrumental records
to define the spatial variation of ground motion. With advances in these subjects Rosenblueth's
analysis procedure is being rediscovered and applied to practical problems, e.g., the seismic retrofit
of the Golden Gate Bridge and the San Francisco-Oakland Bay Bridge.
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ABSTRACT

Considering that a comprehensive review of past work in this field is available, this paper focuses on
the description of two recently developed procedures to incorporate the effects of accidental and
natural torsion in earthquake analysis and design of asymmetric buildings. The new procedure for
accidental torsion consists in specifying an increase in edge displacements due to the most important
sources of elastic accidental torsion, such as uncertainty in stiffness, mass, and base rotation, as a
function of two building parameters, the ratio between the plan dimension b and the radius of gyration
r, and the frequency ratio {). This procedure has several advantages over the current code accidental
torsion provisions, such as the elimination of the two extra cumbersome analyses in each lateral
direction specified by current codes. On the other hand, the new procedure for natural torsion provides
a globally applicable framework to understand and evaluate the inelastic behavior of asymmetric
structures even prior to any elaborate inelastic analysis. This framework is based on using the story
shear and torque surfaces in conjunction with a simplified structural model of a single element per
building story. Such a model is tested in this paper using a building with a setback and a strong

asymmetry.

KEYWORDS

accidental torsion, accidental eccentricity, design envelope, frequency ratio, natural torsion, single
element model, story shear and torque surface, asymmetric structures, inelastic behavior

INTRODUCTION

Buildings subjected to ground shaking undergo lateral as well as torsional motions simultaneously. Such
motions are due to narural torsion in buildings with asymmetric plan; and accidental torsion in all
buildings, even those with symmetric plan. Symmetrical buildings undergo torsional motions because
no building as built is perfectly symmetric, and unrecorded rotational motion at the building base, among
other factors, causes torsional motion of the structure.

The coupling between lateral and torsional motions in a building with plan asymmetry inevitably leads

to non-uniform displacement demands on the lateral resisting planes of the system. Such displacement
demands are of principal interest in the sizing and detailing of structural elements for earthquake
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resistance.  Consequently, many studies have attempted to understand the change in building
displacements that arise from building asymmetry; see list of over seventy references in a recent review
paper (Rutenberg, 1992)., Most of these investigations involve interpretation of parametric studies of
the earthquake response of simple idealizations of asymmetric one-story structures. Although these
results are important for understanding the inelastic response of asymmetric systems, they have two
major limitations. First, because of the inherent complexity of the problem, it has not been possible to
glean general trends that apply to structures other than those analyzed. Second, these conclusions do
not seem extendable to multistory buildings. The results available for the response of code-designed
asymmetric multi-story buildings are even more problem-specific and difficult to generalize. These
limitations of past parametric studies of inelastic earthquake response of asymmetric structures are
discussed in a review paper (Rutenberg, 1992) which states:

*The picture emerging from the foregoing review is somewhat confusing. It appears that
most of the problems and disagreements among researchers are the result of using
different models. This is not surprising considering the large number of parameters
involved. . . the lack of a unique system definition by an accepted set of parameters is
perhaps the main obstacle to progress in this field.”

Considering that a comprehensive review of past work is available, we have adopted an unconventional
approach in this state-of-the-art paper. To overcome the limitations of past parametric studies and their
sometimes inconsistent conclusions, we will present a simple conceptual framework to enable the
designer to understand the performance of different structural configurations prior to any elaborate
inelastic analysis. Also included is a simplified method for the analysis and design of asymmetric-plan
structures which is suitable for trying alternative structural.configurations and seeking the most
seismically efficient and cost-effective configuration,

The subject of accidental torsion is not amenable to investigation by traditional analytical approaches
because standard dynamic analyses do not predict torsion in symmetric-plan buildings. Perhaps for this
reason the work on this subject is meager compared to the substantial body of literature on natural
torsion. Summarized herein is a recently developed procedure to estimate accidental torsion in the
design of buildings.

PART 1. ACCIDENTAL TORSION

Code Predictions of Accidental Torsion

Building codes require consideration of accidental torsion in one of two ways: (1) apply the equivalent
static lateral forces at a distance ¢, from the center of stiffness {CS), which includes the accidental
eccentricity ¢, = +8b; and (2) perform dynamic analyses with the center of mass (CM) of each floor
shifted a distance equal to the accidental eccentricity e, = +8& from its nominal position, where & is
the plan dimension of the building perpendicular to the direction of ground motion. For each structurat
element the e, value leading to the larger design force is to be used. Implementation of these code
provisions requires two three-dimensional (3-D) static or dynamic analyses of the building for each
lateral direction. The two types of analyses--static and dynamic--predict a significantly different increase
in design forces resulting from accidental eccentricity; the code-static analyses are not consistent with
the analytical results (Fig. 2) (De la Llera and Chopra, 1994d),
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Analytical Estimates of Accidental Torsion

The increase in building displacements due to individual sources of accidental torsion, such as stiffness
and mass uncertainty, base rotational excitation, and other less important sources, is a function of the
system parameters p, which are random variables describing the stiffness and mass matrices of the
system, and a random base rotational excitation a,,(r). The normalized displacement of the building
plan at a distance x from the CM is defined as the ratio 4, = 4, /u, between the displacement u,
considering the effect of all sources of accidental torsion and the displacement u, neglecting accidental
torsion; then, the increase in response is 4, - 1. Based on the assumption of statistical independence
among the system parameters, first-order approximations for the mean and standard deviation of the
normalized displacement are given by (De la Llera and Chopra, 1994d):

2
N
L aﬁ,,/: 2 2 (l)
F’gi = 1 +u'f’i oli = U|+U‘;'
ot I3 ' g ap' 4 [

where u ., and ¢,., denote the mean and standard deviation of (-}, g, and o, are the mean and

standard deviation of d,, resulting from base rotational excitation, N, is the “number of system
parameters, o, is the standard deviation of the parameter p,, and 34,/ dp, is the sensitivity of 4,, with

respect to the parameter p;.

Determined in earlier investigations {De la Llera and Chopra, 1994b,e,f) are the normalized response
and increase in response due to the following sources of accidental torsion: (1) rotational motion of the
building foundation, (2} uncertainty in the stiffness of structural elements in both principal directions of
analysis, (3) uncertainty in the location of the CM, and (4) uncertainty in stiffness and mass distributions
in stories of a building other than the story analyzed. The variation of normalized displacements with {1 = w,/w
(the ratio between the natural frequencies of uncoupled torsional and lateral motions of the building) in
Fig. | leads to the following observations:

1. The largest increase in building displacements results from uncertainty in the location of the CM
orthogonal to the direction of ground motion (Fig. 1a). Somewhat smaller are the effects of
uncerlainty in the stiffness of structural elements in the direction of ground motion (Fig. 1b).
These two sources combined account for over 70% of the total increase in response due to
accidental torsion (De la Llera and Chopra, 1994b ).

2. Stiffness uncertainty and uncertainty in the location of the CM can be modeled as a perturbation
of the static eccentricity of the system, an observation that partially justifies the code dynamic
analysis procedure.

3. The increase in edge displacement due to base rotationa! motion, derived from true base rotations
of thirty buildings during recent California earthquakes (De la Llera and Chopra, 19%94e), is
generally less than 8% for systems with uncoupled lateral vibration period T, over, say, 1/2 sec.
and a wide range of {} (Fig. 1¢); it may reach values as large as 40% for short period systems
(Ty < 1/2 sec.) that are torsionally flexible (Q < 2/3).

4. The increase in edge displacement resulting from uncertainty in the stiffness of structural
elements in the direction orthogonal to the direction of ground motion and in the location of the
CM along the direction of ground motion are in generat less than 5% (Fig. 2d) (also, De la Llera
and Chopra, 1994f), This increase is zero for nominally symmetric systems and increases with
increasing stiffness eccentricity in the system,
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s. The increase in edge displacements due to uncertainty in the stiffness and mass distributions in
stories other than the one analyzed (Fig. 2e) is between one-third to one-half of the increase due
to the uncertainty of these properties in the story considered (Fig. 2b) (also, De la Llera and
Chopra, 1994f).

6. Most sources of accidental torsion increase the response of nominally symmetric systems more
than they do for unsymmetric systems (De la Llera and Chopra, 1994b,¢e,f).

7. The increase in edge displacements due to stiffness and mass uncertainty is essentially insensitive
to changes in T, (De la Liera and Chopra, 1994b,f).

8. Buildings with the plan dimension perpendicular to the direction of ground motion much larger
than the other dimension (large &/r) show the largest increase in response due to accidental
torsion.

9. The increase in response of single-story systems due to accidental torsion is also the exact result

for a special class of multistory systems with the following properties: (a) the CM of all floors
lie on a vertical line; (b) the resisting planes are arranged such that their principal axes form an
orthogonal grid in plan and are connected at each floor by a rigid diaphragm; and (c) the lateral
stiffness matrices of all resisting planes are proportional.

Shown in Fig. 2 are the mean and mean-plus-one standard deviation of 4,,, computed from Eq. (1)
considering all sources of accidental lorsion (De la Llera and Chopra, 1995a). The mean value of the
increase in response, #,,, - 1, is usually less than 3%. Furthennore, with the exception of systems with T, < 0.5
sec. and @ < |, this mean increase in response is insensitive to @. The mean-plus-one standard
deviation value of the response increase reaches a peak value of 45% for systems with ] = (.85 or
0 = 1.1, it decreases steadily for values of { larger and smaller than these two values; and it varies
rapidly between its peaks at @ = 0.85 and 1.1 to a minimum at @ = 1. As shown in the figure this
increase in response is larger for nominally symmetric systems {¢,/# = () than for unsymmetric systems
(De la Llera and Chopra, 19%4c).

Design Considerations

Compared in Fig. 3 is 4, predicted by code-dynamic analysis with e, = +0.056 and the "true” value
(Fig. 2). The code increase in edge displacements is much larger than the mean value of the "true"
increase. However, it is about one-half of the mean-plus-one standard deviation of the "true" value; it
corresponds to an exceedance probabitity of about 30%. :

The discrepancy in the design forces due to accidental torsion, as predicted by code-specified static and
dynamic analysis procedures, can be overcome by defining a unique design envelope for the edge
displacements:

A 0s0<l
CA-1 o )
g, - Aﬁ(ﬂ ) 1<0=<aq, |
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where 1, = 1.8 and



A = 1+0.0475(b/r)? 3

Equation (3) is a good approximation to the maximum value of 4,, over all 1 (Fig. 4a) determined by
code-specified dynamic analysis (Fig, 4b). Furthermore, Egs. (2) and (3) have been intentionaily
calibrated to produce values that are conservative, especially for the range 0.9 < @0 < 1.1, There are
three reasons for this. First, the estimation of f1 is obviously subject to error; therefore, taking
advantage of the dip in the response curve near {! = 1 is not appropriate for design. Second, this
conservatism proves to be useful in preventing resisting planes in the interior of the building plan to be
underdesigned by the procedure developed. Third, the "recorded” increase in response for a system with ) = 1
can be larger than predicted by code-specified dynamic analysis for accidental torsion (De la Llera and
Chopra, 1995a).

Simplified Procedure
In order to overcome the limitations of the present code procedures, a procedure has been developed to
include accidental torsion in the seismic design of buildings. This procedure is implemented in four

steps:

L. Determine @ = w,/w ; v, and w  can be estimated by Rayleigh’s Method:

)

where F, and 7, are any reasonable heightwise distribution of equivalent static forces and torques
{(e.g., T, = F,e, where ¢ is an arbitrary eccentricity value), §, and 0, are floor displacements
and rotations associated with these forces, and m, and [, are the floor masses and moments of

inertia.
2. Calculate from Egs. (2) and (3) the normalized edge displacement #,,, .
3. Compute the normalized displacement 4, at distance x from the CM by
. - X
ix) = 1+(,,-1)| —bﬁi (5)

which states that the displacement varies linearly from the CM to the edge.

4. Compute the forces in the structural members of each resisting plane by amplifying the forces
without accidental torsion by the normalized displacement determined in Step 3.

This procedure is "exact" for single-story systems and for multistory buildings belonging to the special
class defined earlier; it is also a good approximation for other multistory systems. It has several
important advantages over the current seismic code procedures. First, it avoids the two additional 3-D
static or dynamic analyses of the building in each lateral direction. Second, it includes the effects of all
sources of accidental torsion whereas codes include only those that can be represented by a constant
accidental eccentricity. Third, it gives a unique value for the increase in a design force due to accidental
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torsion, whereas current codes give very different results depending on whether the analysis is static or
dynamic. Fourth, the procedure defines explicitly the expected increase in design forces due to
accidental torsion, in contrast to the use of accidental eccentricity in codes implying an indirect increase
in member forces. Fifth, the increase in design forces specified by the new procedure has a well-
established probability of exceedance.

Evaluation of Procedure

The key element of the simplified procedure described above are the design displacement envelopes of
Fig. 4. These envelopes are evaluated against motions of seven nominally symmetric buildings recorded
during the Loma Prieta and Northridge earthquakes (Table 1). At each instrumented floor of these
buildings, three chiannels of acceleration were recorded. First, the recorded accelerations, after they
have been appropriately processed, are integrated to determine the corresponding displacements. From
these "recorded” displacements the “"true” value of the normalized edge displacement is computed
assuming the floor diaphragm to be rigid; this is the ratio between the "recorded” value of displacement
and the value excluding accidental floor rotation. The ratio between two values of the maximum edge
displacement, one including floor rotation and the other excluding it, are presented in Fig. 5 for each
building corresponding to its frequency ratio (1 determined from its recorded motions and the &/r value
(Table 1). The vertical line for each building shows the range of values for 4,, for various floors.
Superimposed on these results are the design displacement envelopes for &/r=1,2, and 3.

Table [. Nominally Symmetric Buildings Considered

Buildings CSMIP  PGA  Material  (b/1),’ (b/1}, Q, Q,
A:Richmond 58506 0.1l1g Steel 3.12 1.49 1.36 1.52
B:Pomona 23511 0.13g RC 2.22 2.67 [.42 1.34
C:San Jose 57562  0.20g Steel 3.22 1.28 1.00 1.03
D:Sylmar 24514 0.67g Steel 2.44 2.45 1.10 1.10
E:Burbank 24385  0.29g RC 2.45 2:45 1.64 1.53
F:Burbank 24370 0.29g RC 3.28 [.10 0.97 0.80
G:Warehouse 24463  0.26g RC 2,74 2.12 1.37 1.42

It is apparent from Fig. 5 that buildings with larger frequency ratic 3 present a smaller increase in edge
displacements, which is in agreement with theoretical predictions (Fig. 2). Besides, the increase in
response for buildings with frequency ratio close to one varies from essentially zero for building F to
about 40% for building D. This is precisely the main reason why the proposed envelopes have ignored
the dip in the theoretical curves at =1 (Fig. 3). However, Figure 5 must be interpreted with caution
since for each frequency ratio Q, the increase in displacements is a random variable. Thus, the points
presented in the figure are just few "true" outcomes of this set of random variables.

n computing (b/r), the subscripts x and y denote selection of the plan dimension b perpendicular to the direction of analysis; in
cotnputing 1, x and y denote the direction of vibration of the structure.
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PART II: NATURAL TORSION

Stary Shear-Torque (SST) Yield Surface

To develop a conceptual and engineering-practice-oriented strategy to understand the seismic response
of asymmetric buildings, the story shear and torque response histories are presented in the force space
spanned by the story shears in the two principal directions of the building and by the story torque. At
each instant of the response the story shears and torque define one point in this space. These
combinations of shears and torques are bounded by the SST yield surface, a polygonal surface defined
by a set of story shear and torque combinations corresponding to different collapse mechanisms that can
be developed in the story. The parameters that define the SST yield surface are (1) strength of resisting
planes; (2) strength of resisting planes in the orthogonal direction; (3) asymmetry in stiffness;
{4) asymmetry in strength; (5) planwise distribution of strength; and (6) number of resisting planes.
How these parameters affect the earthquake response of a structure can be predicted based on their
influence on the yield surface (De la Llera and Chopra, 1995b).

In order to avoid detailed and "exact" calculation of the SST surface for the specific system to be
analyzed, a new superelement model (SEM) has been developed to represent the elastic and inelastic
properties of each story of the building (Fig. 6). The eight-vertex polygon presented in Fig. 7 is the
exact model of a section of the SST yield surface at a constant story shear V_ for a story with three
resisting planes along the y-axis, the direction of asymmetry and of ground motion, and two resisting
planes in the orthogonal direction. This model can also be used to predict with sufficient accuracy the
responses of systems with an arbitrary number of resisting planes. The coordinates (x;, ¥;) of the
vertices of this surface are given by the following expressions:

x =V, Y= Vx,+ T, (1-V)

X, =V, +V, yZZTa_T.Lp\;

Xy = vyu_ vyr »=T1,- TJ.“,;x ®)
Xo= -V, Yo = -Vx,+T,(1-V)

Xg= =Xy Xg=mXyy Xy ==Xy, Xg==Xgs Yo=Y V6=V Y17 V3 Ys=Y,

where,

(1) V. = V./V_ is the normalized story shear in the x-direction, fole £ is the lateral capacity of

the story in the x-direction, £ is the capacity of the i* resisting plane in the x-direction, and M is the
number of resisting planes in the x -direction;
(2) V,, = 3" £ is the lateral capacity of the story in the y-direction, £ is the capacity of thei®

resisting plane in the y-direction, and N is the number of resisting planes in the y-direction;
(3) V,, is the capacity of the resisting planes in the y-direction passing through the CM of the system
(in practical terms it will represent the capacity of all resisting planes "close” to the CM);

W T, =37 AL x@ 3 £ y@] s the torsional capacity of the system;
6T, = Efl [Py i the torque provided by the resisting planes in the orthogonal direction; ‘
6 x, =Y " £'x?/V, s the strength eccentricity, or first moment of strength; and

(M YV, = Y0 £7x® x| is the "strength unbalance" in the story.
im2

In order to test the accuracy of the SEM, the inelastic response--of a four-story steel frame building
(Fig. 8a-b) to the N-S component of 1940 E! Centro ground motion amplified by a factor of 2--was
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computed using the SEM and the exact multi-plane models. This building exhibits coupling of lateral
and torsional motions because of asymmetry due to the setback at the second floor level. The SEM for
the building is shown in Fig. 8c. Shown in Fig. 9 is the SST surface for the first story and a
comparison between the story shears and torque histories computed from the SEM and the exact
multiplane models for each buiiding story. Both responses show remarkable similarity in spite of the
significant lateral-torsional coupling of the structure. The fact that-yielding occurs on branches of the
SST surface with negative slope implies that yielding in the first story occurs mainly on the planes to
the right of the CM (1995b,c). Figure 10 indicates that the results predicted by the SEM are satisfactory
for practical design purposes, although the SEM uses only four superelements instead of the 54-column
elements in the "exact" analysis. In the example considered, the peak displacement ductilities for the
resisting planes are about 2. This small ductility demand is typicai of steel-frame buildings where sizing
of the elements is usually controlled by serviceability (stiffness) requirements. More important, this
intermediate ductility case constitutes a tough test for the SEM since the model is based on the
assumption of an elastic-perfectly-plastic behavior, which ignores the transition between the elastic and
plastic states. '

Design Aspects

A comprehensive investigation was conducted to understand the effect of the following six characteristics
controlling the behavior of multistory asymunetric structures: (1) strength of resisting planes in the
orthogonal direction; (2) stiffness asymmetry; (3) strength asymmetry; (4) planwise distribution of
strength; (5) number of resisting planes; and (6) bidirectional ground motion (De la Llera and Chopra,
1995b,1996). Computed for five-story buildings with several different plans were the story shear and
torque history superimposed on the SST surface, building displacements, and member forces.
Interpretation of these results led to the following conceptual guidelines for improving the design of
asymmetric structures: ‘

1. The responses of asymmetric-plan single and multistory buildings belonging to the special class
considered, i.e., with regular asymmetry in height, show trends that are similar (1995b,1996).
This suggests that, at least conceptually, earlier results for single-story systems may be applicable
to this class of multistory systems.

2. Stiffness asymmetry of a system influences the story shear and torque combinations inside the
SST surface and hence the elastic response of the system. However, changes in the stiffness
eccentricity will affect the inelastic response of the system only if they lead to a shift of the
inelastic action to a different region (or branch) of the SST surface.

3. Strength asymmetry produces concentration of deformation demand in resisting planes that are
farther from the strongest plane in the ptan. Furthermore, buildings with strength asymmetry are
prone to develop torsional mechanisms and, hence, uneven displacement demands among resisting
planes.

4, The two observations above may be combined into an interesting point. Since stiffness
asymmetry controls the behavior inside the surface and strength asymmetry controls the shape
of the surface, we can, theoretically speaking, adjust both to direct the inelastic behavior to any
desired region of the surface.

5. A reduction in the torsional capacity of stiffness-asymmetric systems may produce, at the expense
of larger displacements, more uniform displacement demands among resisting planes, implying
a domihantly translational response.
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6. Equivalent three-plane models of buildings with multiple resisting planes lead to sufficiently
accurate estimates of the building displacements, story shears, and story torques. This is the
basis for the SEM developed in the preceding section for preliminary analysis and design of
buildings.

7. Increased strength in the resisting planes in the direction orthogonal to the ground motion reduces
the torsion in an asymmetric structure. Indeed, substantial yielding of the resisting planes in the
direction orthogonal to the ground motion implies that desirable lateral mechanisms with uniform
displacement demand for ali resisting planes are essentially impossible to generate, even in
nominally symmetric structures.

Retrofit Design Example

The conceptual guidelines developed in the previous section are applied next to a hypothetical retrofit
solution of a building. We seek a retrofit solution for the five-story building in Fig, 11 for the design
earthquake equal to twice the E-W and N-S components of the El Centro earthquake in the x- and y-
directions, respectively. The stiffnesses of the resisting planes are as shown, and their yield
deformations are all assumed to be equal to v, = 0.02 ft. Observe that the system is asymmetric in both
directions as a result of the setback in the second story and because, in the second and upper stories,
resisting plane 35 is stiffer and stronger than resisting plane 2. Besides, the building has resisting planes
with lateral stiffness matrices which are not proportional.

Before proposing different retrofit solutions for this structure, it is necessary to understand its inelastic
dynamic behavior (Fig. 12). Response results are presented for the second story of the building;
columns (a), (b), and (c) present the floor displacements, force-deformation relations, and story shear
and story torque histories, respectively. The floor displacements at- the left and right edges of the plan
are substantially different; the ratio of the two ranges between 3 and 5 for different floors (e.g. Fig. 12,
part a). The peak deformation ductility demand for the most critical resisting plane in the second story
is approximately 15 (Fig. 12, part b). The ductility demands on the various resisting planes differ by
close to 100% in the first story and 60% in the second story. All the above observations are verified
by the base shear and torque response histories superimposed on the SST surfaces. Figure 12, part ¢
shows that yielding in the second story is quite extensive and spreads to the large-torque regions of the
constant story shear branches where mechanisms become increasingly torsional. Therefore, there is clear
evidence that the system is torsionally unbalanced, and any proposed retrofit solution should aim to
correct this unbalance in order to lead to more uniform deformation demands among resisting planes.

First Retrofit Solurion. The strength of resisting planes A and C is increased by factors of 2.5 and 2 in
the first story and all upper stories, respectively, such that the lateral capacity of each story in the x-
direction has been doubled (Fig. 11b). It is apparent by comparing the earthquake response of the
modified building (Fig. 13) with the response of the original building (Fig. 12) that, as expected, the
torsional unbalance in the system has been partially corrected, i.e., the displacements of different
resisting planes become less different (Fig. 13, part a), their deformation ductility demands also become
more similar (Fig. 13, part b), and the mechanisms developed at different stories are less torsional
(Fig. 13, part c). '

Although the benefit of increasing the strength in the orthogonal planes is apparent, some aspects of the
behavior of the new system are not completely satisfactory. First, given the large increase in strength
of the orthogonal planes, we would have preferred a better agreement between the left and right edge
displacement histories. Second, the force-deformation histories in the second story (Fig, 13, part b)
show that yielding in the resisting planes occurs asymmetrically about the force axis, indicating a
residual drift in the structure. Third, the increase in strength in the orthogonal planes leads to an
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increase in the story torques developed in the system (Fig. 13, part ¢). Despite these deficiencies, the
retrofit solution proposed accomplishes our goal of reducing differences in demands among resisting
planes. However, as shown next, it is possible to achieve a much better performance by adjusting the
stiffness and strength of the resisting planes.

Second Retrofit Solution, We first recall from points 2, 3, and 4 in the previous section that, by
changing the stiffness and strength distribution in the system, we may concentrate yielding in specific
resisting planes of the structure. Thus, the strategy for this solution is to decrease the capacity of those
planes that remain essentially elastic in the original system and increase the capacity of planes that yield
excessively in that system; however, the overall lateral capacity is kept the same as that of the original
system. For this purpose, in the first story the capacity of plane 5 is increased and that of plane 1 is
decreased, both by 25%; in the second story the strength of resisting plane 3 is increased by 50% and
that of plane § is reduced by 25%.

The dynamic response of the modified system (Fig. 14) is remarkable in many respects. First, the
displacement histories at different locations of the building plan (Fig. 14, part a) are very similar,
especially for the second and upper stories, Second, the force-deformation histories (Fig. 14, part b)
show essentially identical peak deformation demands on the different resisting planes, as well as
symmetric behavior about the force axis. Further, since all resisting planes are used more effectively,
the peak ductility demands have been reduced from 15 in the original system (Fig. 12, part b) to about
8 in the new system (Fig. [4, part b). Third, the second story shear and torque combinations now lie
close to the zero torque axis (Fig. 14, part b), implying that the mechanisms developed are mainly
translational.

As demonstrated by this example, the conceptual guidelines presented in the previous section concerning
the inelastic behavior of asymmetric buildings provide a basis to develop practical solutions to improve
the torsional behavior of an existing structure, even if that structure is highly asymmetric. Thereafter,
the retrofit solution can be tested further by inelastic dynamic analyses of the system. Such analyses,
which are costly if standard methods are used, can be greatly simplified using the SEM presented earlier.

CONCLUSIONS

This investigation has led to two proposals to include the effects of accidental and natural torsion in
building design. '

First, a new procedure for accidental torsion has been developed. This procedure consists in specifying
an increase in edge displacements due to all sources of accidental torsion in the elastic range as a
function of two building parameters, the ratio b/r and the frequency ratio {.

This procedure has several advantages over the current code accidental torsion provisions. First, it
avoids the important discrepancies between the increase in response obtained by static and dynamic
analysis procedures to account for accidental torsion. Second, it is simple to use and eliminates the two
extra 3D-static or dynamic analyses of the building in each lateral direction. Third, it includes the effect
of all sources of accidental torsion whereas codes include only those that can be represented by an
accidental eccentricity. Fourth, it defines explicitly the expected increase in design forces due to
accidental torsion, in contrast to the use of an accidental eccentricity which implies an indirect increase
in member forces. Fifth, the envelopes for the increase in response are associated with a well established
probability of exceedance.

This investigation has also led to a new procedure for integrated analysis and design of asymmetric plan
structures. The procedure differs from previous work in the sense that it does not develop simple rules
based on extensive parametric studies for the effects of natural torsion, but provides a model which
enables the engineer to understand, prior to any elaborate inelastic analysis if the planwise earthquake



performance of the building is adequate or not. Based on this framework, we developed an explanation
for the parameters that control the inelastic behavior of torsionally coupled systems, a tool for simplified
inelastic analysis of asymmetric multistory buildings (SEM model), and a set of guidelines to improve
their inelastic performance.
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ABSTRACT

Evaluated in this study is the behavior of eight buildings during the 1994, Northridge, earthquake using
recorded building motions. The "recorded” behavior is first compared with theoretical predictions based
on nominal, three-dimensional, linear building models. Results show that the predictions based on these
models are in most cases inaccurate. Because of this, a recently developed simplified inelastic procedure,
which uses ultimate story shear and torque surfaces, is successfully tested and formulated as an alternative
to conventional linear models. Finally, instrumentation and building analysis and design issues are
discussed in light of the results generated in this research.

KEYWORDS

Building models; building records, model uncertainty; single element model; story shear and torque

INTRODUCTION

The 1994 Northridge earthquake has produced one of the most valuable databases of ground and
earthquake building responses in history. A total of 193 stations of the California Strong Motion
Instrumentation Program recorded 116 free-field ground motions and 77 structural responses. From the
latter, 57 correspond to buildings records obtained for a wide range of structural configurations. The
seismic performance of eight of these buildings, the ones most strongly shaken, are studied in this
investigation. In particular, the objectives are to: (1) evaluate the uncertainty present in conventional
structural linear building models; (2) evaluate the deficiencies in current procedures for earthquake
analysis and design, and (3) propose improved analysis and design procedures calibrated using "measured”
responses.

BUILDINGS CONSIDERED AND RECORDED MOTIONS

The buildings considered in this study are listed in Table 1. They cover a wide range of structural systems
in use today, such as R/C frames, precast R/C walls, R/C column-flat-slab frames, stee! bracings, stee}
walls (uncommon), and mixed R/C and steel frame systems. Notice that for all these structures the peak
ground accelerations during Northridge exceeded 0.2g. Shown in Fig. 1 are the recorded
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acceleration components at the base of each building in the East-West direction. In this study the buildings
are ordered according to distance to the epicenter, A being the closest and H the farthest.

Table 1 Buildings considered

CSMIP Building Number System “PGA PGA

Station of Stories s-direction  y-direction
24386 A: Van Nuys (hotel) 7 R/CTrame 0.44g 0.37g
24514  B: Sylmar (hospital) 6 R/C, steel frame,walls 0.52g 0.67g
24231 C: UCLA (Math-Science) 7 R/C walls, steel frame 0.25g 0.29¢g
24332 D: LA (commercial) 3/2 Braced frame 0.33g 0.32g
24385  E:Burbank (residential) 10 R/C precast walls 0.27g 0.29g
24370  F: Burbank {commercial) 6 Steel frame 0.25¢g 0.29g
24652  G: LA (oflice) 3/1 Braced fraine 0.24g 0.20g
24463  H:LA (warchouse) 5/1 R/C frame-flat slab 0.20g 0.26g

ANALYSIS OF BUILDING RECORDS

In order to clearly identify the building behavior, recorded motions were subjected to four different
analyses: (1) non-parametric identification---used to estimate apparent vibration frequencies and modes of
each building, {2) time-frequency analysis---used to identify nonlinearities in a building's response, (3)
story shears and torque analysis---used to interpret inelastic behavior of the building and construct the
inelastic SEM (single element) model defined later, and (4) story force-deformation analysis.

Shown in Fig. 2 are typical results of this phase of record processing; the results selected in this case are
for building A. Non-parametric identification is presented in Fig. 2a, where the frequency response
function between ground motion and roof response is presented for the x,y, and 8 directions--the top two
rows represent transfer functions at the roof and midheight; the bottom row represents just the spectrum
of the input. Results of time-frequency analysis of the same building are presented in Fig. 2b; in this case,
the analysis was done also for other four motions recorded on the building during previous earthquakes.
Such analysis lead us to the conclusion that the building was slightly damaged during the San Fernando
earthquake, it was then retrofitted before Whittier, damaged again during Landers, and, finally, severely
damaged during Northridge (De la Llera and Chopra, 1996). Using also the recorded accelerations, story
shears and torgues are computed by assuming the story masses of the building. Such results are presented
in Fig. 2¢, in which a point, denoted with "+", represents a combination of story shear and torque for a
given instant of time. The interpretation of these plots has been studied earlier (De la Llera and Chopra,
1994). Finally, empirical story force-deformation relations are obtained by plotting story shears and story
drifts, the latter computed from the integrated acceleration records.

BUILDING MODELS

The main objective of this phase was to estimate the uncertainty present in conventional linear building
models used today in practice. For that purpose, a three dimensional finite element model was developed
for each building, assuming rigid floor diaphragms and three degrees of freedom located at the center of
mass (CM) of each floor, where all the story masses were lumped. A complete description of these models
as well as the assumptions considered may be found elsewhere (De la Llera and Chopra, 1996).

Shown in Fig. 3 is a comparison between the predicted and "true" deformations at_the roof of five of the
buildings considered. It is apparent that the accuracy obtained between the predicted and actual responses
is not good. The reasons for that vary from building to building. For instance, in building A, the nonlinear
behavior of the structure, evidenced by the damage in the fourth-story columns, is not accounted for in the
linear model developed. Note that the estimated traces of the roof deformation are similar to the true



deformations during the first few seconds, but become substantially different after the building damages.
Leaving aside building A, all other buildings remained elastic during this earthquake and one would expect
a much better accuracy in their response predictions. However, as shown in the figure, the accuracy
obtained by complex three dimensional linear models in terms of time responses as in peak responses is
poor in general.

Although the sources of model uncertainty vary considerably among buildings, it is often true that in the
case of linear elastic behavior of buildings, the structure of the model considered would be enough for a
good fitting of predicted and "measured" respenses if the parameters defining the model were varied. In
other words, good predictions would be obtained if the model was adjusted a priori by identification of the
building stiffness (principally) and mass properties.

IMPROVED ANALYSIS PROCEDURES

Because of the inaccurate responses predicted by linear models, a new simplified procedure for inelastic
building analysis that has been recently proposed by the authors is evaluated and tested using recorded
building responses. In this model, each story is represented by a single super-element (SEM) capable of
representing the elastic and inelastic properties of the story. The formulation, accuracy, and
implementation of this model are described in De la Llera and Chopra (1994). Presented next is the
formulation and analysis of building A using a SEM model.

The first step in computing the SEM is to estimate the lateral and torsional capacities of each story. This is
done by first computing the lateral capacity of each building column associated with a realistic axial load--
assumed in this case equa! to the gravity load--on it. Shown in Fig. 4a are the heightwise distribution of
lateral capacities of the different columns of the building. In the figure, the values identified with circles
and stars represent lateral capacities corresponding to shear and flexural failure mechanisms in each
column, respectively. It is apparent that for essentially all columns shear failure mechanisms precede
flexural mechanisms between the 2nd and 4th stories; these stories correspond to those most severely
damaged during the earthquake.

Once the lateral capacity of columns is known, story shear and torque surfaces (SST) are constructed for
each story using simplified rules (De la Llera and Chopra, 1994). Each point on one of these surfaces
represents a static combination of story shear and torque that produces collapse of the story.
Superimposed in Fig. 4b are the SST surfaces and the story shear and torque histories computed from
recorded responses. Several interesting observations are obtained from Fig. 4b. First, it is apparent that all
the response shear and torque combinations lie, as it should, inside or on the boundaries of the computed
SST surfaces. Second, a close look of the third-story surface (Fig. 4c) shows that there is a number of
story shear and torque combinations that approximately describe the SST, implying that the plasticity
model implicit in the SST surface occurs in reality. Moreover, interpretation of the SST surface enables us
to conclude that the building underwent inelastic torsional behavior in spite of its nominal symmetry---
shear and torque combinations on the inclined branches correspond to predominantly torsional
mechanisms. Indeed, it can be shown that this will be the case in most buildings with a perimeter frame as
the only lateral resisting system.

Finally, by using the SST surface for each story, a SEM can be constructed to predict the inelastic
response of the building. Such respense is presented in Fig. 4d. Although differences still persist between
model and “measured" responses, they are smaller than for the elastic prediction shown earlier in Fig. 3.

BUILDING ANALYSIS AND DESIGN IMPLICATIONS
This investigation has led to the following implications for building analysis and design:

A fundamental aspect in interpreting the building responses in this investigation was the use of recorded
motions to the maximum possible extent without introducing strong modeling assumptions. Results based



on tools such as story shear and torque histories help to establish inadequate inelastic properties of a
building that otherwise would be hard to visualize. For the development and details of this and other
useful record processing techniques the reader is referred to De la Llera and Chopra (1996).

The results presented earlier in Fig. 3 pose delicate questions such as: do we need to get as sophisticated
as we do today using complex three dimensional linear building models in order to predict meaningful
earthquake responses?, or why do our structural models "fail" in providing better predictions?.

In first place, buildings designed according to current codes, with large R factors, are likely to experience
substantial inelastic behavior during a strong earthquake. For them, there is little hope that a linear model,
as complete as it can be, will be able to predict representative earthquake responses. In that regard it
would be better to use a simplified inelastic model, such as the SEM, capable of representing the
fundamental inelastic features of the structure during the earthquake. In second place, the reason why our
structural models fail in predicting more accurate responses is given through a counter example. Consider
the response of base isolated buildings during the Northridge earthquake. Shown in Fig. 5 is a comparison
between the predicted and "measured" deformations of the Fire Command and USC hospital buildings.
Interestingly, the accuracy of these predictions is substantially better than that of fixed based buildings
(Fig. 3). Why?, because the building behavior is controlled by elements with well known properties and
behavior. Qur sophisticated techniques of structural analysis are in this case extremely useful in providing
realistic estimations. Indeed, to improve our earthquake response estimations we should improve our
knowledge on the material and behavior of the structural elements used, or, otherwise, introduce in the
design structural elements, such as dissipators or isolators, whose properties are well defined and in which
the inelastic behavior of the structure is predominantly confined.

Finally, because several of the buildings considered are nominally symmetric, they are especially
appropriate to evaluate the increase in response due to accidental torsion. This topic has been studied
recently and design envelopes have been proposed to account for this effect (De la Llera and Chopra,
1994). The procedure proposed is based on a statistical study of the different sources of accidental torsion
and avoids the cumbersome two extra analyses in each direction with shifted equivalent lateral forces or
centers of mass. Shown in Fig. 6 are three design envelopes corresponding to values of b/r=1,2, and 3,
where r is the radius of gyration of the building plan. Superimposed to these envelopes are the "recorded"
increases in edge displacements due to accidental torsion in seven nominally symmetric buildings. First, as
results insinuate, the increase in response of buildings with lateral to torsional frequency ratio, 2, close to
1 is very sensitive to variations in €2, as it has been predicted theoretically (De la Llera and Chopra, 1994).
Moreover, it is apparent that buildings with larger  have a smaller increase in response due to accidental
torsion as intended by the design envelopes. Because of this, it has been proposed that the effects of
accidental torsion be neglected for buildings with 2 > 1.8,
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Figure 2: Selected results from record processing using building A as an example: (a) transfer
functions at three building levels; (b) time frequency analysis; (cont.)
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EFFECT OF SITE RESPONSE ON
SPATIAL VARIABILITY OF GROUND MOTION

A. DER KIUREGHIAN and P. KESHISHIAN

Department of Civil Engineering, University of California
Berkeley, CA 94720, USA

ABSTRACT

The validity of a recently developed mathematical model for the site-response component of ground motion
spatial variability is examined. Use is made of earthquake recordings in two downhole arrays. A procedure
is described to compute an equivalent frequency response function to characterize the dynamic properties of
the local soil. These functions for each pair of stations completely define the site-response component of the
coherency function that characterizes the spatial variability. Predictions with the theoretical model are in
close agreement with “exact” results derived from the recorded data, thus validating the model. Results aiso
show that the site-response effect on the coherency of ground motion is most significant at resonant frequen-
cies of each site.

KEYWORDS

Coherency function; frequency response function; ground motions; impulse response function; phase angle;
power spectral density; site response; spatial variability.

INTRODUCTION

Spatial variation in earthquake ground motions arises from four sources: (1) loss of coherency of seismic
waves due to scattering in the heterogeneous medium of the ground and due to differential superpositioning
of the waves arriving from an extended source, collectively denoted as the "incoherence effect”; (2) differ-
ence in the arrival times of waves at different stations, commonly known as the "wave-passage effect”; (3)
gradual decay of wave amplitudes with distance due to geometric spreading and energy dissipation in the
ground medium, denoted the “attenuation effect”; and (4) spatially varying local soil profiles and the manner
in which they influence the amplitude and freguency content of the bedrock motion underneath each station as
it propagates upward, denoted herein as the "site-response effect”. These effects are well characterized by the
so called coherency function, which is the normalized cross-power spectral density of the motions at two sta-
tions. Use of this function in response spectrum analysis of multiply-supported structures, such as bridges, is
described by Der Kiureghian and Neuenhofer (1994).

Past studies have shed considerable light on the effects of incoherence, wave passage and attenuation (e.g.,
" Abrahamson et al., 1991). However, the site response effect has only recently received attention (Somerville,
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et al., 1988, Schneider et al., 1992, Zerva and Harada, 1994, Der Kiureghian, 1994). In a recent paper(Der
Kiureghian 1996), the first author has proposed a new, composite model for the coherency function that in-
corporates all the four effects mentioned above. This paper aims at validating the site-response component of
this model. Use is made of two sets of recorded ground motions from downhole arrays and direct compari-
sons are made between predictions by the model and by the recorded data. The numerical comparison shows
remarkable agreement between theory and observation. The paper also describes a method for characterizing
the required parameters and functions for the site-response component of the coherency function. Addition-
ally, the numerical results clearly demonstrate the importance of this component of the ground motion vari-
ability.

THE COHERENCY MODEL

The coherency model derived by Der Kiureghian (1996) is based on elementary concepts of random process
theory and employs simplifying assumptions for propagation of waves in the ground medium (i.e., plane wave
assumption) and through the local soil column (i.e., vertically propagating shear waves, linear stationary re-
sponse). Neglecting the attenuation effect that is shown to be insignificant, the model has the form

y(@) =ly@)exp{i[f,, @) + 6(w), 1} (n
where @ denotes the circular frequency, Iy(w)! denotes the modulus of the coherency function representing
the incoherence effect, i =+/~1, and 6,,(w) and 8, (@) are phase angles that represent the wave passage
and site response effects, respectively, and are given as follows: '

__wd,
g, ()= tan™! Im[H, (0)H,(-w)] "

Re[H, (w}H,(-w)]
In the above expressions, d.; denotes the distance between a pair of stations k and [ measured in the longitu-
dinal direction of wave propagation, v,,,(®) is the “apparent” wave velocity (expressed as a function of @ in
account of dispersion effects), and H,(w) and H,(w) denote frequency response functions of the soil col-
umns at the two stations as defined in the following section. It is noted that the wave passage effect is com-
pletely defined by the apparent wave velocity and the geometry of the stations relative to the earthquake
source, whereas the site response effect is completely defined in terms of the characteristics of the local soil at

each station. The incoherence component usually must be determined by statistical fitting to observed data
because of the complex and random nature of the underlying phenomena.

. The remainder of this paper describes a method for evaluation of the frequency response function for a soil
site with an approximate account of the nonlinearity in the soil behavior, and verifies the site-response com-
ponent of the coherency model in (3} by comparison with the phase angle generated from recorded data.

DETERMINATION OF THE FREQUENCY RESPONSE FUNCTION

The site-response component of the coherency model in (3) is derived by considering the soil columns at sta-
tions k and / as two linear systems. The derivation makes use of elementary concepts of stationary random
vibration theory involving the frequency response function H, (@) at each station. By definition, this function
is the steady-state response of a linear system to a complex harmonic excitation of the form exp(iax). Of

course soil behavior under strong earthquake motions is not linear. Hence, we need to define this function for
some sort of an “equivalent” linear soil system. Three ideas for this purpose are described below.
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If one is fortunate enough to have recorded earthquake ground motions at the base rock and surface levels at
the site of interest, then, based on stationary random vibration theory, the frequency response function for an
equivalent linear soil system can be computed from

() = Domemte @) @)

D, (@

where @, (w) is the power spectral density of the base motion and &, ... (@) is the cross-power spec-
tral density of the base and surface motions at station k. In practice it is rare that one has such recordings for
a selected site. Nevertheless, this approach is valuable as a means to investigate the validity of the analytical
methods that are described below.

A simple approach would be to consider the soil column at the site as a single-degree-of-freedom system with
viscous damping. The frequency response function then has the well known form
ol +2i, 0,0

0} -0’ +2if,0,0

where w, and ¢, respectively denote the natural frequency and viscous damping ratio of the equivalent soil
systerr. This, however, is a very crude model for several reasons, including the fact that soil damping is not
viscous and deep soil columns usually possess several significant modes of vibration. Additionally, it is not
easy to determine the parameters @, and ¢, on a rational basis. Nevertheless, this model is a simple alterna-
tive when other options are not practical. It is noted that this model is consistent with the well known Kanai-
Tajimi model for ground motions on soil sites (Clough and Penzien, 1993). Typical ranges of the parameter
values for that model are @, =2x - 57 rad/sand ¢, = 0.2-0.6.

&)

H,(w)=

For a better representation of the frequency response function, one must model the site itself, not the fre-
quency response function directly. Having such a model, one can use existing time-domain, soil response
analysis methods, e.g., the program SHAKE (Idriss e al., 1991), to compute the frequency response func-
tion. The analysis would require computing the response of the soil column to a complex harmonic excitation
for a long period in order to achieve the steady-state response, as required by the definition of that function.
Naturally, such an approach can account for the non-viscous and nonlinear behavior of soils, albeit in an ap-
proximate “equivalent” linear sense. This analysis must be repeated for each frequency @ to obtain a com-
plete description of H,(w). A more efficient approach is described below.

1t is well known that for a linear system, the frequency response function is the Fourier transform of the unit-
impulse response function, denoted A(r) . Thus, the frequency response function can be computed from

H(w)= Ih(t) exp(—iax)dt (6)
0

By definition, A(t) is the response of the system to an impulsive load of unit magnitude applied at time £=0.
For a given soil model, this can be easily computed by modeling the input excitation as a short duration pulse
and scaling the response by the magnitude of the pulse. The advantage here, relative to the method described
in the previous paragraph, is that k(r) is computed by a single time-history analysis of the soil model. Fur-
thermore, as h(?) typically decays rapidly with time, it is not necessary to compute the soil response for oo
long a duration. It is important, however, to properly select the impulse magnitude so as to adequately ac-
count for the nonlinearity in the soil response.

The nonlinearity in the soil response depends primarily on the properties of the soil and the intensity of the
ground motion, and secondarily on the duration and frequency content of the motion. For a given soil, the
nonlinearity inherent in the computed h(s) and, therefore, H(®) depends on the magnitude of the impulse
used. Naturally, it is desirable to select the impulse magnitude such that the nonlinearity inherent in the fre-
quency response function is equivalent to the nonlinearity present in the soil response to a design earthquake.
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To determine the required impulse magnitude, a parametric study with three soil models representing *stiff”,
“medium” and “soft” sites, shown in Fig. 1, and a large number of earthquake motions recorded on rock is
performed. The selected ground motion records represent a wide variety in terms of their intensity, frequency
content, and duration. For each site, the surface motion is computed with each of the rock motions as input
by use of the SHAKE program and (4) is used to compute the “exact” frequency response function.
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The procedure described above is clearly an approximate one. Hence, there is need to provide a verification
of its accuracy. Given the complexity of the problem and lack of exact analytical solutions, comparison with
recorded data is the obvious choice. However, it is necessary to select records that isolate the site-response
effect from the effects of ground motion incoherence, wave passage, and attenuation. Downhole array re-
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cordings achieve this objective. The following section describes the selected records used in the subsequent
analysis.

SELECTED DOWNHOLE ARRAY RECORDINGS

For experimental verification of the models in (3) and (6), two sets of downhole array recordings are used.
The first set was recorded at the Treasure Island Geotechnical Downhole Array Station during the Gilroy,
California, Earthquake of January 16, 1993 (Darragh et al., 1993). The magnitude of the earthquake was 5.3
and the peak acceleration recorded on the ground surface and at 104m below were 0.0142g and 0.0032g, re-
spectively. This motion cbviously is not sufficiently strong to cause a significant amount of nonlinearity in the
soil response. On the other hand, a good description of the site geology is available, thus allowing a refined
modeling of the site. Figures Ic, the “soft” site model, describes the shear wave velocity and soil types with
depth for this site. Figure 3 shows the first 20 seconds of the recorded acceleration time histories at three
elevations. Strong amplification of the motion as it propagates upward is observed. For the purpose of this
analysis, it is assumed that the bottom of the downhole represents the base rock. The second set of recordings
was taken at Chiba Experimental Station during Tokyo area earthquake of November 6, 1985 (Katayama et
al., 1990). The magnitude of the earthquake was 5.0 and peak ground accelerations recorded on the surface
and at 40m below the surface were 0.077g and 0.0135g, respectively, which again shows a very strong ampli-
fication. The recorded acceleration time histories at three elevations are shown in Fig. 4.
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MODEL VERIFICATION

To verify the procedure for determining the site frequency response function, each of the soil models in Figs.
1c¢ and 4 are subjected to a short-duration triangular acceleration impulse at the base level. The required im-
pulse magnitudes (area of the triangle) is obtained from (7) resulting in [ =0.049cnvs for the Treasure Island
records and I =0.0686cm/s for the Chiba records. The program SHAKE (Idriss er al., 1991) is used to
compute the soil unit impulse response function k(r) at each site. The Fourier transforms of these functions
represent the theoretical predictions of the frequency response function for each site. The moduli of these
functions are shown as dashed lines in Figs. 6ab and 7a. The “exact” moduli of the frequency response func-
tions, shown as solid lines in Figs. 6ab and 7a, are computed by use of (4) and the recordings at each site.

50
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Fig. 6. Comparison of model predictions (dashed lines) with “exact” results (solid lines) for Treasure Island
site: (a) frequency response function at surface, (b) frequency response function at depth 31m, (c) phase
angle between motions at Om and depth 104m, (d) phase angle between motions at depths 31m and
104m, (e) phase angle between motions at Om and depth 31m.
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Fig. 7. Comparison of model predictions (dashed lines) with “exact” results (solid lines)
for Chiba site: (a) frequency response function at surface, (b) phase angle between
motions at Om and 40m.

For both sites the agreement between the theoretical predictions and “exact” estimates of the frequency re-
sponse function are remarkable. This is partly due to the low intensity of the motion and hence linearity of the
soil response. It is interesting to observe that the two sites have multiple resonant frequencies. Obviously, if a
single-degree-of-freedom soil model as in (5) is used, at best one can model one resonant frequency. How-
ever, one should not discard this simple model too soon, since there are many structures, e.g., long-span
bridges, for which the high-frequency components of ground motion are not significant and even this simple
model may be adequate if it captures the first resonant frequency well.

We now turn to the verification of the model in (3) for the coherency phase angle due to the site-response ef-
fect. An “exact” estimate of the phase angle is computed for each site by using the formula

0 (@) tan [T P e @) o .
exact Re® . (w)

where @, ... (@) is the cross-power spectral density of the recorded motions at the base and surface lev-

els. The predictions of the phase angle based on the proposed model are computed by use of (3) and the fre-
quency response function obtained by the procedure described earlier (i.e., the dashed curves in Figs. 6ab and
7a. The results are shown in Figs. 6¢c-¢ and 7b. The agreement between the “exact” and theoretical values is
remarkable for both sites. It is worth noting that sharp changes of the phase angle occur at points of resonant
frequency for each site, the sharpness being dependent on the bandwidth of the frequency response function.
It follows that in predicting the site-response effect, it is essential to accurately predict the resonant frequen-
cies for the site of interest. It is also evident that the site response effect will be most significant for multiply
supported structures that have supports situated on sites with different resonant frequencies.

SUMMARY AND CONCLUSIONS

Downhole array recordings are used to verify a theoretical model for the site-response component of the
ground motjon spatial variability. A procedure is developed and verified for computing the frequency re-
sponse function of a soil site that is required for the model. Predictions by the theoretical model are in close
agreement with “exact” results obtained from the recorded motions at two downhole arrays.
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EVALUATION OF EARTHQUAKE INDUCED SLIDING IN GRAVITY DAMS
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Department of Civil and Environmental Engineering, University of California, Berkeley
Berkeley, CA 94720 U.S.A.

ABSTRACT

The stability of a concrete gravity dam against excessive sliding at the dam base must be assured during an
earthquake, Sliding refers to concentrated deformation at the interface between the dam and the foundation
rock. The objective of a sliding evaluation procedure is to first guarantee stability, and second estimate the
deformation at the base. Current evaluation techniques for sliding are either empirical, based on an equivalent
static equilibrium model, or involve very simplified assumptions. The present work applies a novel modeling
and solution procedure (hybrid frequency-time domain analysis) which accounts for the dynamics of the dam,
foundation rock flexibility, compressible water, and a Mohr-Coulomb model for base sliding. The results of an
extensive parametric study of gravity dams illustrate the important factors affecting the earthquake induced base
sliding displacement. The foremost factor is foundation rock flexibility: estimates of base sliding assuming
rigid foundation rock are much larger than when foundation rock flexibility is included. The sliding is also
sensitive to the coefficient of friction and cohesion of the interface zone. A framework for evaluation sliding
stability is proposed.

KEYWORDS

Dam,; gravity dam; concrete; sliding; stability; friction; nonlinear analysis.

INTRODUCTION

The stability of concrete gravity dams with respect to large rigid-body displacements in the downstream
direction must be assessed in a seismic safety evaluation. Sliding can occur when the forces on the interface
zone between the dam and foundation rock exceed the strength of the zone. The traditional check of sliding
stability involves computing a factor of safety (F5) against sliding using a Mohr-Coulomb model of the concrete
and foundation materials in the interface zone and equivalent static loads on the dam that represent the dynamic
effects of an earthquake. The FS is defined for a postulated failure surface as:

_ O+ uN,

FS= ———r 1
VIV, (1)

where Nj; and V, are the gravity normal and tangential forces (self weight, hydrostatic, and uplift) on the interface
zone, V is the maximum dynamic tangential force. The properties of the interface zone are represented by
the coefficient of friction, 1, and total cohesion force, C. The cohesion force is C = cA, where ¢ is the unit
cohesion stress of the interface (force/area) and A is the area of the interface zone developing cohesion. The
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latter is typically assumed to be the portion of the interface plane with compressive normal stresses due to the
forces N, Vi, and V. The typical ¢valuation procedure involves investigating various interface zones to find
the lowest FS (according to the upper bound theorem). For extreme loads such as an earthquake an FS greater
than unity is considered acceptable.

A consistent definition of the equivalent static loads, recognizing all the dynamic effects in the force, can be
used to determine if a dam will slide using Eq. 1. Fenves and Chopra (1987) have presented a simplified
analysis procedure that can be used to compute V including the characteristics of the earthquake, and the effects
of dam-water interaction, dam-foundation rock interaction, and reservoir bottom absorption.

However, astrength criterion based on equivalent static earthquake forces, such as Eq. 1, cannot give information
about the magnitude of the rigid-body displacement once sliding commences. The earthquake induced sliding
displacement of a dam can be rationally estimated by a dynamic analysis of the system which accounts for
the frequency-dependent effects of dam-water and dam-foundation rock interactions and the nonlinear sliding
behavior at the dam-foundation rock interface. Although several investigators have examined the earthquake
response of gravity dams including sliding (Leger and Katsouli, 1989; Chopra and Zhang, 1991; Hall, Dowling,
and El-Aidi, 1991), the studies were limited by assumptions about the dam system.

Chdvez and Fenves (1995a, 1995b) have presented an analysis method based on the hybrid frequency-domain
procedure (Darbre and Wolf, 1988) for analysis of gravity dam monoliths including, sliding. The analysis
rationally accounts for the frequency-dependent characteristics of the system and the nonlinear behavior of a
sliding on a possibly sloped interface between the dam and foundation rock.

The objectives of this paper are to summarize the model used for dynamic analysis of gravity dams including
sliding, illustrate the important factors affecting the sliding displacement, examine a case study to show the
relationship between the static factor of safety and the sliding displacement, and finally propose a framework
for evaluating the sliding stability of gravity dams.

DYNAMIC ANALYSIS FOR SLIDING
Modeling

The idealized concrete gravity dam, shown in Fig. 1, is a two-dimensicnal monolith (height=H), with rigid
base supported by flexible foundation rock and impounding a reservoir of compressible water (depth=H). The
dam may slide along the interface between the dam base and the foundation rock. Rocking of the dam about
the base is not represented in the model. The system is subjected to horizontal and vertical components of
free-field earthquake ground motion at the base of the dam.

The monolith is modeled using plane stress finite elements with linear elastic material properties. The water
impounded in the reservoir is idealized as a two-dimensional domain extending to infinity in the upstream
direction. The water is treated as an inviscid and compressible fluid that produces hydrodynamic pressures that
are dependent on the excitation frequency. The foundation rock is idealized as a homogeneous, isotropic and
viscoelastic half-plane.

The interface between the dam monolith and the foundation rock is assumed to be a straight surface with
the resistance to sliding governed by the Mohr-Coulomb law. This friction model allows quantification of
the deformation in the interface zone without requiring detailed modeling of the complex region that consists
of shear keys, grout curtains, and roughened surfaces. The sliding resistance at the interface depends on a
cohesion force, the coefficient of friction, and the time varying normal force. -Although degradation of the
friction parameters and rate-dependent effects could be included, there is not sufficient experimental data to
develop such as refined model. The model assumes that sliding occurs along the entire interface.

Solution Procedure

The equations of motion for the dam-water-foundation rock system include the frequency-dependent hy-
drodynamic forces acting on the dam, the dam-foundation rock interaction forces, and the nonlinear inertia
forces at the base due to sliding of the dam along the interface. A Rayleigh-Ritz transformation reduces the
degrees-of-freedom for the dam to a small number of generalized coordinates.

The hybrid-frequency time domain procedure (Darbre and Wolf, 1988) is used to solve the nonlinear and
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frequency-dependent equations of motion. The detailed solution procedure for dams is described by Chdvez
and Fenves (1995a). The procedure iterates over segments of time in three major steps:

1. Linearization of the equations of motion. The nonlinear inertia forces due to sliding are estimated using
the current sliding acceleration history.

2. Solution of the linearized equations of motion. The linearized equations of motion are solved in the
frequency domain to account for the frequency dependency of the interaction forces. The resultant forces
due to dynamic loads at the base of the dam, that includes the shear force V(f) and normal force N(z) are
computed at this stage.

3. Determination of sliding state in time domain. The dam slides when the the total shear force at the base,
according to Mohr-Coulomb law, exceeds the strength at the interface:

V(1) + Vy| > |C+ p [N(2) + Ny| (2)

Convergence for a segment of time is achieved when the maximum difference between successive iterations
of the response quantities is less than a tolerance at every time step in the segment.

The earthquake analyses are performed using the computer program EAGD-SLIDE, which implements the
solution procedure (Chévez and Fenves, 1994).

H RESERVOIR Hg

N\

TALLWATER .
) RESERVOIR
BOTTOM MATERIAL RIGID\BASE INTERFACE PLANE v

RIGID FOUNDATION SURFACE
B

[l§

FOUNDATION ROCK

Fig. 1. Dam-reservoir-foundation rock system with interface plane for sliding at the base.

IMPORTANT EFFECTS ON SLIDING

A typical concrete gravity dam monolith with full reservoir is used to investigate the effects peak ground accel-
eration, foundation rock flexibility, coefficient of friction, and water compressibility on the sliding displacement
at the base. ‘

The height of the dam is varied from 25 m (82 ft) to 175 m (574 ft). The modulus of elasticity of concrete,
E.4, is 27.6 GPa (4 million psi). The modulus of elasticity of the foundation rock, Ej, varies according to the
moduli ratie E; /E,; = 00, 1.0,0.25. The first case corresponds to a rigid foundation rock, and the third case
corresponds to a very flexible foundation rock. A hysteretic damping coefficient of 0.10 is assumed for the
dam and foundation rock. The cohesion force at the base is assumed to be zero and the coefficient of friction
varies from 0.8 to 1.2. The monolith is subjected to the S69E horizontal component of the 1952 Taft ground
motion, scaled to 0.3g, 0.4g, 0.5g, and 0.6¢.
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The analysis is simplified by using one generalized coordinate to represent the motion of the dam in its
fundamental vibration mode. The sliding displacements computed using the simplified model are a good
approximation of the displacements obtained by using a finite element discretization of the dam. An extensive
parametric study using this simplified analysis is presented by Chdvez and Fenves (1995b).

Influence of Peak Ground Acceleration

The maximum sliding displacement increases substantially with increasing peak ground acceleration, as shown
in Fig. 2(a). The sliding increase by a factor of five times when the peak ground acceleration increases from
0.3g (moderate earthquake) to 0.6g (strong earthquake). Dams taller than 50 m (164 ft) subjected to the same
peak ground acceleration have more base sliding as the foundation rock becomes more rigid.

Influence of Foundation Rock Flexibility

Foundation rock flexibility affects the value of sliding displacement because the vibration period of the system
lengthens and the damping increases. As shown in Fig. 2(a), the peak of the sliding spectrum decreases as the
foundation rock flexibility increases. The shorter dams are shifted into the amplified region of the response
spectrum for the ground motion, because the period of the system lengthens as the foundation rock flexibility
increases.

Another view of how the effects of foundation rock flexibility depend on dam height is shown in Fig. 2(b).
For short dams, height less than 50 m (164 ft}, the flexible foundation rock has almost no effect on the sliding
displacement. For taller dams, height 150 m (492 ft), the sliding displacement decreases as the foundation rock
becomes more flexible.

The base sliding displacements computed using the regression equation by Danay and Adeghe (1993) for
a dam on rigid foundation rock are also shown in Fig. 2(b). There is a good agreement between the
sliding displacements computed using the present model and the regression equation for the mean plus two
standard deviations for 50 m (146 ft) dams. For taller dams, the present results fall between the expression
for the mean and the mean plus two standard deviations. The regression equation overestimates the sliding
displacement when dam-foundation rock interaction effects are important since such effects were not included
in the development of the approximate expression.

Influence of Coefficient of Friction

The maximum sliding displacement increases nonlinearly as the coefficient of friction decreases, as shown
in Fig. 2(c). For the same value of u, a dam on rigid foundation rock slides more than a dam on flexible
foundation rock. The location of peaks of maximum sliding shift from tall dams, H,=125 m (410 ft), on rigid
foundation rock, to short dams, H,=75 m (246 ft), on flexible foundation rock with E;,./E 4 = 0.25, due to
the lengthening of the period of the dam system as the dam height increases and the foundation rock flexibility
increases.

Influence of Water Compressibility

The sliding displacement for a dam is greater when the water is considered to be compressible compared with
the case of incompressible water, as shown in Fig. 2(d). Water compressibility has the largest effect when the
dam is on rigid foundation rock, especially for dams less than 150 m (492 ft) tall. In this range of dam heights,
the sliding displacement obtained with incompressible water is as much as 40% less than the displacement with
compressible water. The effects of compressibility are smaller for dams on flexible foundation rock because
the foundation rock damping generally reduces the importance of dam-water interaction.

EVALUATION OF SLIDING

This section examines the earthquake earthquake sliding response of a typical concrete gravity dam. The static
procedure using a FS and the dynamic analysis to compute the sliding displacement are mvesngated and the
results are compared.

The tallest monolith, 122 m (400 ft) high, of Pine Flat dam is selected for the evaluation. Two cases are
considered: dam on rigid foundation rock, and dam on flexible foundation rock with Ey./F.s = 1. The
impounded compressible water has a depth of 116.2 m (381 ft). The unit cohesion stress at the base varies
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Fig. 2. Important effects on the maximum base sliding displacement of a typical dam with full reservoir,
C = 0, subjected to the Taft S69E ground motion.
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from O to 800 kPa, and the coefficient of friction varies from 0.75 to 1.25. The dam is subjected to the S69E
horizontal component of the 1952 Taft ground motion, scaled to a peak ground acceleration of 0.6g.

Static Procedure

The equivalent static analysis for stability uses Eq. 1 to compute a factor of safety against sliding. The area
developing cohesion is A = rd,, where 4, is the gross section area at the base and r is a reduction factor that
accounts for cracking of the concrete at the base (Bureau of Reclamation, 1976). The factor r is 0.66 for the
dam on rigid foundation rock, and 0.85 for the dam on flexible foundation rock, using the static and maximum
earthquake forces for Pine Flat dam. The equivalent static loads are computed using the simplified analysis
procedure by Fenves and Chopra (1987) that includes the characteristics of the earthquake, the effects of the
dam-water interaction, dam-foundation rock interaction, and reservoir bottom absorption. Computed values of
FS are shown in Fig. 3(a) for rigid foundation rock and in Fig. 4(a) for flexible foundation rock. The FS for
the dam on flexible foundation rock is larger than the FS for the dam on flexible foundation rock. For the cases
when FS§ is much less than unity, large sliding displacements can be expected.

Dynamic Analysis

The dynamic analysis, using EAGD-SLIDE (Chévez and Fenves, 1994), is performed to compute the base
sliding displacements of Pine Flat dam for the cases considered. The results are shown in Fig. 3(b) for rigid
foundation rock and in Fig. 4(b) for flexible foundation rock. For both cases the sliding displacement decreases
substantially with an increase of the coefficient of friction and unit cohesion stress. The dam on rigid foundation
rock slides more than the dam on flexible foundation rock.

Comparison

Figure 5 shows the comparison between F§ and the sliding displacement for the Pine Flat dam for the different
cases of coefficient of friction and unit shear stress. The dam slides when the safety factor is less than unity
and sliding increases as the safety factor decreases.

A FRAMEWORK FOR EVALUATING SLIDING STABILITY

The previous results show that the static procedure (Eq. 1) for determining the sliding factor of safety, with a
rational definition of the equivalent lateral earthquake load, can be used to determine when sliding is prevented
from cases when sliding will occur. If the static procedure shows that sliding will not occur (F§ > 1), then no
further analysis is required.

For cases when FS is less than unity, the proper question is not whether the dam is stable, but rather what is the
magnitude of the sliding displacement. The dynamic analysis procedure described in this paper can be used
to evaluate sliding displacement. An important parameter for the sliding analysis is the value of the cohesion
force. Based on the results in the previous section, the cohesion force may be selected as C = cA, where A is
the area of the interface under compression as determined from the static analysis with the equivalent lateral
forces. Of course an upper bound on the sliding displacement can be obtained by assume zero cohesion, C = 0.
Although it could be argued that zero cohesion is appropriate once sliding commences, it is believed that zero
cohesion is overly conservative because the materials do not necessarily lose all cohesive properties under
small deformations.

In the current version of the analysis procedure, the cohesion force is a constant (Eq. 2), hence requiring an
assumption on the value of A. A future modification of the program would be to determine the time varying
value of area under compression and hence the area providing cohesion.

A dynamic analysis accounting for all the factors effecting sliding provides a rational estimate for the sliding
displacement. Although there have been attempts to approximate sliding displacements by sliding block
analysis or definition of a critical acceleration causing sliding, they can produce substantial errors (Chopra and
Zhang, 1991).

The magnitude of the sliding displacement from a dynamic analysis must be compared with a criterion for the
maximum allowable displacement. This is a difficult question to answer because sliding may cause damage
to joints, grout curtains, and drains, and the possibility of water intrusion into a damaged interface zone must
be considered. However, for an extreme earthquake with low probability of occurrence (such as a maximum
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credible event), allowing sliding displacements of less than 50 mm appears to be reasonable.

Finally, there may be an intermediate range of the factor of safety near unity, FS., < FS < 1, where it can be
expected that sliding displacements are small enough to not require a dynamic analysis. The previous results
indicate that an FS,, = 0.90, for which the maximum forces exceed the interface strength by only 10% for a
short duration, correlates with limited sliding displacement. Again it must emphasized that the factor of safety
should be computed using a rational procedure for the earthquake forces, such as by Fenves and Chopra (1987).
It is very important that the effects of dam-foundation rock interaction be included in the static evaluation
procedure. Otherwise, the sliding determination will be based on unrealistically small factors of safety or large
sliding displacements. :
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EARTHQUAKE INFORMATION SOURCES ON THE INTERNET

KATHERINE A. FROHMBERG

Earthquake Engineering Research Center
University of California at Berkeley
1301 S. 46th St, Richmond, CA 94804-4698 USA

ABSTRACT

As a service to members of the international earthquake community, the author has compiled this
directory of earthquake sources on the Internet. It is a selected world-wide list, providing e-mail, telnet,
finger, anonymous ftp, gopher, or world-wide web listings for organizations considered most relevant to
the earthquake engineering community. Due to limitations of space, organizations with a more
seismological orientation have been omitted, however, most of the sites listed below provide links to
seismological sites. This list is accurate as of January 1, 1996.

This paper does not attempt to provide technical information on how to access the Internet or use the
various utilities such as finger or telnet. Access is very dependent on local conditions, and there are many
books available which describe the use of these utilities. Since internet addresses can change without
warning, an e-mail address is provided wherever possible. The user should know that Internet utilities are
upwardly compatible, thus from the World Wide Web one can access anonymous ftp sites, finger sites,
and gopher sites without any special knowledge or information. Most of the Web sites listed provide
transparent links to gopher, ftp, and finger sites.

Many earthquake organizations do not yet have World Wide Web or gopher sites, but routinely do
business by electronic mail. Those organizations are listed at the end with their e-mail addresses.

KEYWORDS
Internet, World Wide Web, Telnet, Gopher, Information Sources, finger, ftp.
GATEWAY SYSTEMS

The Internet in its current state is analogous to the United States highway system without any roadmaps.
Gateway systems are springing up which either impose a hierarchical organization on Internet sites
(Yahoo) or which search words or terms within Internet sites (Inktomi).

Yahoo

web site: http://www.yahoo.com/Science/Earth_Sciences/Geology_and_Geophysics/Seismology

Yahoo provides hierarchical subject access to the Internet world. It is well organized and updated
continuously. The following alternate path in Yahoo provides access to the same directory of earthquake
information as is found under Geology & Geophysics:
hitp:/fwww.yahoo.com/environment_and_nature/disasters
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Inktomi

web site: http:/finktomi.berkeley.edu

e-mail: brewer@cs.berkeley.edu

Inktomi provides keyword access to the World Wide Web. Inktomi ranks results by relevance. However,
a non-specific search on a word like "earthquake" will result in thousands of hits, most of them not
useful. Inktomi is best used if searching for a particular organization or person. It is not useful to search
for a specific engineering term on Inktomi (such as "shear walls").

Surfing the InterNet for Earthquake Data

web site: http://www.geophys.washington.edu/seismosurfing.html

e-mail: steve @ geophys.washington.edu '

Steve Malone, seismologist at the University of Washington, maintains an up-to-date listing (with links)
to organizations with earthquake data. This is the most complete site for links to earthquake and
seismological organizations in various parts of the world.

HazardNet

web site: http://hoshi.cic.sfu.ca:80/~hazard/TMF ORMAT/quake. html

e-mail; anderson@sfu.ca

HazardNet is a prototype natural and technological hazard information sharing network under
development as a collaborative demonstration project of the International Decade for Natural Disaster
Reduction. It is based at the Centre for Policy Research on Science and Technolegy, Simon Fraser
University, Vancouver, Canada. The earthquake section provides access to many international sites and
organizations. ‘

DISCUSSION LISTS

Bigquake

Send e-mail to: bigquake-request@neis.cr.usgs.gov. In the body of vour message, type subscribe
bigquake. The National Earthquake Information Center (NEIC) is mandated to put out news releases on
all earthquakes larger than 6.5 worldwide, thus, all such quakes should appear on Bigquake fairly
quickly. NEIC tries to include as many 5.5 or greater earthquakes as possible worldwide. NEIC does not
attempt to release the smaller California earthquakes due to their frequency and because USGS offices in
Menlo Park and Pasadena have better capabilities for locating and computing their magnitudes. With the
exception of those occurring in California and Alaska, the vast majority of quakes generating felt reports
in the U.S. are included on Bigquake.

Qedpost

Send e-mail to: gedpost-request@neis.cr.usgs.gov. In the body of your message, type subscribe gedpost.
Qedpost stands for Quick Epicenter Determinations from the National Earthquake Information Center.
This list provides notification of all earthquakes processed by the National Earthquake Information
Center.

Disaster Research Electronic Newsletter

Send e-mail to: listproc@lists.colorado.edu. In the message body type, subscribe Hazards yourname
This moderated newsletter is issued approximately twice a month by the Natural Hazards Research and
Applications Information Center at the University of Colorado, Boulder, and covers all hazards. Back




issues of Disaster Research are archived at the NHRAIC home page
(http:/ladder.colorado.edu/~hazctr/intro.html). Disaster Research serves as an informal communication
tool among persons interested in hazards research and disaster management.

NEWSGROUPS

The newsgroup sci.geo.earthquakes contains serious technical discussion of recent earthquakes from the
geological point of view. Other newsgroups such as ca.earthquakes, alt.disasters.earthquake, and
fi-misc.earthquake tend to be less technical.

TELNET SITES

Earthquake Engineering Abstracts

Telnet to: melvyl.berkeley.edu

Earthquake Engineering Abstracts is a bibliographic database produced by the National Information
Service for Earthquake Engineering, Earthquake Engineering Research Center, University of California at
Berkeley. Enter your terrninal type (usually vt100). Once in Melvyl, type use eea to enter the Earthquake
Engineering Abstracts database. Help screens are available.

Quakeline®

Telnet to: bison.cc.buffalo.edu

Quakeline® is a bibliographic database produced by the National Center for Earthquake Engineering
Research/Information Center at the State University of New York, Buffalo. When asked for terminal
emulation, press the <enter> key to get a listing of choices, and enter your response (usually vt100). At
the blank screen, press <enter>. Once connected to the DATABASE SELECTION MENU, choose the
“INDX” menu option by typing INDX <enter> and then type QKLN <enter>. Follow screen instructions
for searching. To exit, type STOP <enter> at any screen.

Quick Epicenter Determinations

Telnet to: neis.cr.usgs.gov. Username: QED

The Quick Epicenter Determinations (QED) provides a listing of earthquakes which have occurred during
the last three weeks. Events within seven days of real-time are still being revised and republished for the
QED as new data are received from contributing observatories. Events older than seven days are no
longer revised, but are retained in the database. The event list is revised every morning. In addition to the
daily update, any earthquake for which the NEIC has issued a press release is added to the QED list
within about one hour of the time of release. Events in the QED database may be searched by date range,
magnitude, or geographic location. The Earthquake Lists option provides choices for viewing seven lists:
significant earthquakes of the world, significant earthquakes of the United States, most destructive
earthquakes in the world, worldwide earthquakes causing 1000 or more deaths, the ten largest
earthquakes in the United States, earthquake facts and statistics, and the number of occurrences of
magnitude 7 or greater earthquakes each year from 1900 through 1989.
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ANONYMOUS FTP SITES

National Center for Earthquake Engineering Research Anonymous ftp
Ftp to: clark.eng.buffalo.edu

This anonymous ftp site provides access to over 612 computer search reprints as well as other data files
such as the Information Service News, the NCEER technical report list, topical bibliographies, and guides.
These files can be downloaded and printed freely with no intermediary required.

California Division of Mines and Geology, California Strong Motion Instrumentation Program

Fip to: fip.consrv.ca.gov.pub/dmg/csmip

This site contains newly processed strong motion data from very recent earthquakes. The data is also
available through their Web page (see below).

FINGER

Many seismological stations provide quick access to recent earthquake information via the finger utility.
By issuing the finger command to a particular internet address, a list of recent earthquakes recorded by
that particular station is returned. The gateway system Surfing the InterNet for Earthquake Data (see
above) provides a directory and automatic links to these finger sites plus many, many others.

finger quake @andreas.wr.usgs.gov
This site provides a quick listing of magnitude 2 or greater earthquakes recorded by the Northern
California Seismic Network in Central and Northern California during the last three days.

finger quake @ gldfs.cr.usgs.gov

This is a listing of Near-Real-Time Worldwide Earthquake Locations. This site provides a quick listing of
reviewed locations for earthquakes worldwide from the U.S. National Seismic Network and corresponding
agencies. Within 24 hours, most earthquakes of magnitude 3.5 or greater in the contiguous United States,
4.0 or greater in Alaska, 4.5 or greater in Hawaii, 5.0 or greater in the Aleutian Islands, and 5.5 or
greater for the rest of the world will be posted to this list.

GOPHER SITES

Earthquake Information Gopher
. gopher to nisee.ce.berkeley.edu

Operated by the National Information Service for Earthquake Engineering, this site provides mission
statement, publications lists, and other information to organizations active in earthquake studies.

Emergency Preparedness Information Exchange (EPTX)

gopher to hoshi.cic.sfu.ca:80

EPIX is the gopher companion to HazardNet, providing gopher access to emergency management,
disaster, and earthquake sites around the world.

Federal Emergency Management Agency Gopher
gopher to www.fema.gov
Information about FEMA plus an historical list of press releases are provided.




NCEER Gopher
gopher to nceer.eng.buffalo.edu

Included in the Gopher menu selections are the NCEER Anonymous FTP site, access to the
QUAKELINE® database, NCEER-produced software programs, and other resources.

WORLD WIDE WEB SITES

Applied Technology Council (ATC)

web site: http:/fwww.atcouncil.org

e-mail: atc@arcouncil.org

ATC is a nonprofit corporation involved in earthquake hazard preparedness, response, and mitigation
research related to the design and engineering of structures.

Association of Bay Area Governments (ABAG)

web site: http://www.abag.ca.gov

e-mail; jeannep@abag.ca.gov

ABAG is the regional planning agency for the San Francisco Bay Area. It offers a number of
publications related to earthquake planning, as well as training classes and technical assistance to local
government and businesses. A key feature of this site are earthquake hazard maps for scenario
earthquakes in the San Francisco Bay Area.

California Division of Mines & Geology, Strong Motion Instrumentation Program

web site: http://www.consrv.ca.gov/idmg

e-mail: bkondo@www.consrv.ca.gov

In addition to recently processed strong motion records from California earthquakes, the Division of
Mines & Geology publishes seismic hazard zone maps and the Alquist-Priolo earthquake fault zone maps,
providing very detailed fault information for the State of California. The maps are-not on the web site,
but information about them is.

California Office of Emergency Services, Earthquake Program

web site: http://www.oes.ca.gov:8001

e-mail: sdm@oes.ca.gov

The geal of the OES Earthquake Program is to support and assist local and state government and the
private sector in integrating hazard identification, risk assessment, risk management, and prevention into a
comprehensive approach to hazard mitigation, and to maximize the effective use of available public and
private sector resources devoted to hazard mitigation.

Center for Earthquake Research and Information (CERI), University of Memphis

web site: hup./fwww.ceri.memphis.edu

e-mail: stevens@ceri.memphis.edu

The Center for Earthquake Research and Information (CERI), a research institute of the University of
Memphis, provides accurate, immediate reports and information on the occurrence of regional and
worldwide earthquakes; research related to the causes and effects of earthquakes originating in the New
Madrid seismic zone and the Southern Appalachian seismic zone; studies related to the need for
earthquake resistant construction; and advice on the methods, means, and feasibility of reducing
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carthquake damage.

Earthquake Engineering Research Center/ National Information Service for Earthquake Engineering/
University of California at Berkeley

web site: http://nisee.ce.berkeley.edu

e-mail: eerclib@eerc.berkeley.edu

EERC is dedicated to research, education, and dissemination of technical information in earthquake
engineering. The information program supports technology transfer activities in software distribution,
bibliographic databases, the EERC Library, and technical reports. A key feature of this site is the
Earthquake Image Information System (EqIS), which has 7000 digitized images of earthquakes and
earthquake damage from 1868 to the present. The images can be searched by earthquake name, by
photographer, and by keyword/subject.

Earthquake Research -Institute, University of Tokvo
web site: http://www.eri.u-tokyo.ac.jp

e-mail: webmaster@eri.u-tokyo.ac jp ‘
Information about the Earthquake Prediction Research Center and the Division of Disaster Mitigation
Science is provided.

Earthquake Engineering Research Library, California Institute of Technology

National Information Service for Earthquake Engineering (NISEE/Caltech)
web site: http/-www.cadre.caltech.edu/eerl/eerl. html

e-mail: eerllib@caltech.edu
This site provides strong-motion accelerogram data, technical reports, slides, and videotapes of earthquake
damage and structural engineering topics, as well as conference proceedings and technical serials.

Federal Emergency Management Agency (FEMA)

web site: hrp://www fema.gov

e-mail: eipa@fema.gov

The primary mission of FEMA is to protect lives and reduce property loss from natural disasters and
other emergencies. To accomplish this, FEMA acts as the focal point for all levels of government to
develop a national emergency management capability that can deal effectively with any emergency.

Instituto de Inpgenieria, Universidad Nacional Autonoma de Mexico

web site: hitp://pumas.iingen.unam.mx

e-mail: mosaic@pumas.iingen.unam.mx

By selecting Actividades del Instituto, announcements and information about the Eleventh World
Conference on Earthquake Engineering will be found.

International Center for Disaster-Mitigation Engineering, University of Tokyo

web site: http:/fincede.iis.u-tokyo.ac. jp/Incede.himl

e-mail: webmaster@incede.lis.u-tokyo.ac.jp

The INCEDE home page includes general information about this Japanese center, abstracts of all
INCEDE reports, back issues of their newsletters, and summaries of INCEDE research. A special feature
is KobeNet, providing information and links about the Great Hanshin earthquake.




National Center for Earthquake Engineering Research (NCEER) Information Service, State University of
New York at Buffalo

web site: http://nceer.eng. buffalo.edu

e-mail: nernceer@ubvms.cc.buffalo.edu

The NCEER Information Service was established to disseminate earthquake engineering and hazard
information to researchers, practitioners, and the general public. This site includes information about
NCEER produced software programs, the NCEER anonymous ftp site (previously described), and the
Quakeline database.

National Geophysical Data Center

web site: http.//www.ngdc.noaa.gov

e-mail: info@mail.ngdc.noaa.gov

The National Geophysical Data Center acquires, processes, and analyzes technical data on earthquake
hazards and disseminates it to federal agencies, private industry, academia, and the public. Operating as
both a national and a world data center, NGDC holds global data for terrestrial and marine environments.
In addition, NGDC and the World Data Center-A for Solid Earth Geophysics help to compile, catalog,
and synthesize available information on tsunami sources and effects to support modeling, engineering,
planning, and educational purposes.

National Institute of Standards and Technology (NIST), Structures Division
web site: http://www.nist.gov -

e-mail: Asi@enh.nist.gov

NIST is one of four program agencies of the National Earthquake Hazards Reduction Program (NEHRP).
In the enabling legislation, Congress assigns NIST the responsibility for “carrying out research and
development to improve building codes and standards and practices for structures and lifelines.” NIST
conducts applied analytical and experimental research in-house and collaboratively with private sector
organizations and universities.

Natural Hazards Research and Applications Information Center, University of Colorado, Boulder

web site: http:/adder.colorado.edu/~hazactr/Home html

e-mail: hazctr@colorado.edu

The Natural Hazards Research and Applications Information Center is a national clearinghouse for data
relating to the economic loss, social disruption, and human response associated with natural disasters and
related technological risks. The main goal of the Center is to strengthen communication between
researchers and the individuals, organizations, and agencies responsible for reducing losses from disasters.

Seismographic Station, University of California at Berkeley

web site: htip://www.seismo.berkeley.edu

e-mail: www.seismo.berkeley.edu

The Seismographic Station has monitored and studied earthquakes in California and the world since 1887.
The Northern California Earthquake Data Center (NCEDC) and Rapid Earthquake Data Integration
(REDI) Projects are projects of the Seismographic Station.
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Southern California Earthquake Center (SCEC), University of Southern California

web site: Antp://www.usc.edu/dept/earth/quake

e-mail: ScecInfo@usc.edu

SCEC’s Data Center (SCEC-DC) is the principal archive of seismological and geodetic data associated
with seismicity in Southern California. The mission of the Center is to promote earthquake hazard
reduction by estimating when and where future damaging earthquakes will occur, calculating the expected
ground motion, and disseminating information to the public.

U.S. Gecelogical Survey, National Earthquake Information Center

web site: hitp://gldfs.cr.usgs.gov

e-mail: sedas@gldfs.cr.usgs.gov

See the entry under Telnet: Quick Epicenter Determinations, as this provides Web access to the same
information. Also provided are current seismicity maps for the world, definitions of earthquake terms,
information about the Center, and finger access to other sites.

U.S. Geological Survey, Office of Earthguakes and Volcanoes

web site: hrtp://quake.wr.usgs.gov and htip:/info.er.usgs.gov

e-mail: webmaster@www.usgs.gov

The first web address provides basic information about the Menlo Park, California office of the U.S.
Geological Survey. The second address provides broader coverage for the entire Office of Earthquakes
and Volcanoes within USGS.

Western States Seismic Policy Council (WSSPC)

web site: http:/vishnu.glg. nau.edu/wsspe.htmi

e-mail: wsspc@vishnu.glg.nau.edu

WSSPC is a broad regional forum for technology transfer, multi-disciplinary membership, and enhanced
emergency management/geoscience partnerships toward earthquake hazard mitigation. The primary aims
of the organization have been to improve public understanding of seismic risk, to improve earthquake
preparedness, and to provide a cooperative forum to enhance transfer of mitigation technologies at the
local, state, interstate, and national levels.

OTHER ORGANIZATIONS

These organizations have e-mail access and are actively developing other Internet services. Contact them
by e-mail for further information on their Internet plans.

Building Seismic Safety Council. e-mail: cheider@nibs.org

Central U.S. Earthquake Consortium. e-mail: cusec®@ ceri.memphis.edu

California Seismic Safety Commission. e-mail: sscbase @aol.com

Earthquake Engineering Research Institute. e-mail: susant@eerc.berkeley.edu

Imperial College, London, Engineering Seismology & Earthquake Engineering Section.
e-mail: d.ryan@ic.ac.uk

Interagency Committee on Seismic Safety in Construction. e-mail: dtodd@enh.nist.gov

Seismological Society of America. e-mail: info@seismoc.org

Tohoku University, Japan, Faculty of Engineering, Disaster Control Research Center.
e-mail: shibata@struct.archi.tohoku.ac.jp
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EVALUATION OF CODE FORMULAS FOR FUNDAMENTAL PERIOD OF BUILDINGS
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ABSTRACT

The formulas specified in US building codes to estimate the fundamental vibration period are based
largely on motions of buildings recorded during the 197! San Femando earthquake. These formulas
should be re-evaluated in light of the new data that has become available from recent earthquakes. For
this purpose, a comprehensive database has been developed on periods of buildings identified (or
measured) from their motions recorded during the 1971 and subsequent earthquakes. From this database,
measured periods of three categories of buildings were extracted and compared with those obtained from
the code formulas. This comparison showed that the code formulas for concrete and steel moment
resisting frame buildings generally lead to periods that are shorter than measured periods, and periods
estimated from these formulas almost always lead to higher values of seismic coefficients compared to
the values based on measured periods. The comparison for shear wall buildings showed that the formula
based on a coefficient independent of the shear wall area leads to periods much longer than the measured
periods which in turn results in unconservative design forces. The formula based on shear wall area, on
the other hand, results in periods much shorter than measured periods and hence overly conservative
design forces.

KEYWORDS

Building codes; building period; dynamic analysis; earthquake analysis; earthquake design; fundamental
period; period database; seismic codes; system identification; vibration period.

INTRODUCTION

The fundamental vibration period is needed to calculate the design base shear and lateral forces according
to building codes. Because this building property can not be computed for a structure that is yet to be
designed, building codes provide empirical formulas that depend on the building material (steel, concrete,
etc.), building type (frame, shear wall, etc.), and overall dimensions. The empirical formula specified in
US building codes -- UBC-94 (Uniform Building Code, 1994), ATC3-06 (Tentative Provisions, 1978),
SEAOC-90 (Recommended Lateral Force Requirements, 1990), and NEHRP-91 (NEHRP, 1991) -- is of
the form:

T=C(h)" (D



where A, is the height of the building in feet above the base and C, is a numerical coefficient related to
the lateral-force-resisting systern. The values of (, specified in these codes are summarized in Table 1.

Table 1. Code-specified values of numerical coefficient C,.

Code Values of ¢,
Steel Moment Concrete Moment | Eccentrically Braced Others
Resisting Frames | Resisting Frames Steel Frames
UBC-94, SEAOC- 0.035 0.030 0.030 0.02
90, NEHRP-91
ATC3-06 0.035 0.025 - --

For concrete or masonry shear wall buildings, UBC-94 and SEAQC-90 provide an alternative value of the
coefficient: ‘

C.=01//A. @)
where
A=3AJ02+(D/m) | D/B509 (3)

in which A.= the effective horizontal cross-sectional area, in square feet, of a shear wall in the first story
of the structure, and D, = the length, in feet, of a shear wall element in the first story in the direction
under consideration. ATC3-06 specifies that the fundamental period of all other buildings, including
building with shear walls and eccentric braced frames, be calculated by the formula:

_005h, 4
JL

where L = overall length, in feet, of the building at the base in the direction under consideration.

T

For preliminary design of a building, it is desirable to use a conservative estimate of the base shear. As
described later, such a conservative estimate would be obtained if estimated period of the building is
smaller than its true period. Therefore, the code formulas for fundamental period (Egs. 1, 3, and 4) were
intentionally calibrated to underestimate the period (Tentative Provisions, 1978).

The codes also recommend that whenever feasible the fundamental pericd should be calculated using the
structural properties and deformation characteristics of the resisting elements in a properly substantiated
analysis. This requirement may be satisfied by using the following formula based on Rayleigh's method:

where w; is the seismic dead load at level i, g is the acceleration due to gravity, and f, (i=12, .N}area
set of selected lateral forces with reasonable height-wise distribution and §; are the resulting deflections.

The codes specify that the period calculated from rational analysis (Eq. 5) should not be longer than that
estimated from empirical formulas (Egs. 1 and 3) by a certain factor. The factors specified in various US
codes are: 1.2 in ATC3-06, 1.3 for high seismic region (Zone 4) and 1.4 for other regions (Zones 3, 2, and
1} in UBC-94; and a range of values with 1.2 for regions of high setsmicity to 1.7 for regions of very low
seismicity in NEHRP-91. SEAOC-90 specifies that the base shear calculated using the period from the
rational analysis shall not be less than 80 percent of the value obtained by using the period from the
empirical formulas, which corresponds to a value of 1.4 (Cole et al., 1992).



As mentioned previously, the codes recognize that the true period of a building may be longer than its
period estimated from code specified empirical formulas (Eqs. 1 and 3). Therefore, the codes permit the
period computed from rational analysis (Eq. 5) to be longer than that from empirical equations (Egs. 1
and 3). However, in order to safeguard against unreasonable assumptions in the rational analysis, which
may lead to uncoservatively long period, codes impose the aforementioned restrictions on the period
computed from Eq. (5). These limiting values are indicative of by how much the codes expect the true
period of a building to be longer than its period estimated from the empirical formulas.

The US seismic codes, for example UBC-94 and SEAQC-90, specify the base shear as:
Ve ZIC w (6)
Ru

where Z is the seismic zone factor, I is the importance factor, C is the elastic seismic coefficient, W is the
total seismic dead load, and R, is the reduction factor to account for energy dissipation capacity of the
building. The elastic seismic coefficient C is a function of the fundamental period T and is given as:

_1258 %)

™
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in which S is the site coefficient depending on the soil characteristics. The formulas specified in NEHRP-
91 and ATC3-06 are similar in nature to that given by Eqs. (6} and (7) but differ slightly in details.

The empirical formula for fundamental period (Eqs. 1 and 3) in US building codes is based largely on
motions of buildings recorded during the 1971 San Fernando earthquake (Tentative Provisions, 1978).
These formulas should be re-evaluated in light of the wealth of data that has become available from recent
earthquakes. This research investigation is aimed towards filling this need. For this purpose, a
comprehensive database has been developed on periods of buildings identified (measured) from their
strong motions recorded during the 1971 and subsequent earthquakes. This database is then used to
evaluate the code formulas for estimating the fundamental period of buildings with steel and concrete
moment resisting frames, and concrete shear walls. ‘

DATABASE FOR BUILDING PERIODS

The vibration periods and modal damping ratios of about twenty buildings have been identified from their
recorded motions during the 1994 Northridge earthquake using parametric system identification
techniques (Beck, 1978; Li and Mau, 1990; Safak, 1988). These results are combined with similar data
available from the 1971 San Fernando earthquake and other recent California earthquakes to form a
comprehensive set of data. These data are compiled on an electronic database that can be easily updated
after every major earthquake.

Contents of this database are arranged into the following five broad categories: (1) General information,
(2) structure characteristics, (3) excitation characteristics, (4) recorded motions, and (5) vibration
properties. For each of these general categories, several individual parameters are defined. The general
information includes building location, identification number, occupancy, name, address, and reference
that reported the data. The structural characteristics include height, plan dimensions, number of stories
above and below the ground, material, and longitudinal and transverse resisting systems. The excitation is
characterized by the earthquake name and date. The recorded motion data include peak values of roof and
base accelerations, roof displacement relative to the base, and drift ratio in each of the two building
directions. Vibration properties considered include period and damping ratio for up to two longitudinal,
transverse, and torsional modes. A separate set of data (or record) is established for each building. In
addition, a separate record is created for data obtained for the same building but for different earthquakes
or by different investigators for the same earthquake.
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From this comprehensive database, the information on fundamental vibration period has been extracted
for three categories of buildings: (1) Concrete moment resisting frame buildings, (2) steel moment
resisting frame buildings, and (3) concrete shear wall buildings. The extracted information included 37
data points for 27 concrete moment resisting frame buildings, 53 data points for 42 steel moment resisting
frame buildings, and 27 data points for 16 concrete shear wall buildings. The number of data points
exceed the number of buildings because some buildings yielded data for more than one earthquake or
because data were reported by more than one investigator for the same earthquake. This informatien is
then used to evaluate the code formulas for fundamental period. Although, the database contains
information on buildings with other types of material and structural system, this information is not
presented in this paper for brevity.

EVALUATION OF CODE PERIOD FORMULAS

In order to evaluate the code period formulas, we compare for each of the aforementioned categories of
buildings:

# The measured building pertods identified from their strong motion records with those obtained from
the empirical code formulas (Eqs. 1 and 3), and

 The seismic coefficients calculated according to UBC-94 (Eq. 7) using the measured and code periods.

The measured and code periods are compared in Figures 1, 3, and 5 where they are plotted against the
building height. The measured periods in two orthogonal directions are shown by solid circles connected
by a vertical line, whereas code periods are shown by the curve denoted as T. Note that the code formula
(Eq. 1) would lead to same period in the two directions as long as the lateral resisting systems in these
directions are identical. Also included are curves for 1.2T and 1.4T representing restrictions on the period
from rational analysis (Eq.'5) imposed by various US codes for high seismic regions like California. The
former corresponds to the limit specified in ATC3-06 and NEHRP-91, whereas the latter is obtained from
SEAQC-90 provisions; the limiting value of 1.37T specified in UBC-94 falls between these two extremes.

The seismic coefficients calculated according to UBC-94 (Eq. 7) using measured and code periods are
compared in Figures 2, 4, and 6. These values are calculated for rock sites (S = 1 in Eq. 7). The seismic
coefficients calculated using measured periods in the two orthogonal directions are shown by solid circles
connected by a vertical line whereas those calculated using code periods are shown by a solid line. In
order to calculate the seismic coefficient as a function of the building height, Eqs. (1) and (7) were
utilized to get:

L2585 55 ' (8)

" (Cn
Concrete Moment Resisting Frame Buildings

The following trends can be gleaned from the results presented in Figures 1 and 2 for 27 concrete moment
resisting frame (MRF) buildings:

* Ag intended by the code writers, the code formula leads to periods that are generally shorter than
measured periods (Figure 1).

» The code formula leads to periods that form the lower bound of measured periods for building up to
160 ft tall.

¢ The lower bound of measured periods for buildings taller than 160 ft is about twenty percent higher,
that is, the lower bound for such buildings is 1.27 rather than T. However, this conclusion is based on
limited data as there are few concrete MRF buildings taller than 225 ft in the database.

o In general, measured periods of concrete MRF buildings fall between the curves for 1.2T and 1.4T
indicating that the code imposed limits on the period from the rational analysis (Eq. 5) are reascnable.
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e The code formula for estimating the building periods almost always leads to higher values of seismic
coefficient compared to the values based on the measured period (Figure 2).

Concrete Moment Resisting Frame Bulldings

4
3.5 v
t L7
3 MLy -
=05 » At Pl
Q) ] d =
g ) ; 7 Leiet
g2 ‘1‘% {f —
5 Pl pred
&1.8 r XY P R ST
g J/'v = 0.03ph
1 P e
R
0.5
]
o
0 50 100 150 200 250 300 350

Height (it)
Figure 1. Measured and code periods for
concrete moment resisting frame-buildings.
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Figure 2. UBC-94 seismic coefficients for
concrete moment resisting frame buildings.

Steel Moment Resisting Frame Buildings

The results presented in Figures 3 and 4 for 42 steel MRF buildings lead to the following conclusions:

Steel Moment Resisting Frame Bulldings
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Figure 3. Measured and code periods for steel
moment resisting frame buildings.
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moment frame buildings.

» Ag noted previously for concrete MRF buildings, the code formula leads to periods that are generaliy
shorter than measured periods (Figure 3). However, the margin between the code and measured

periods is much larger for stee] MRF buildings.

s The code formula leads to periods close to the lower bound of measured periods for buildings up to

about 120 ft tall.

+ With a few exceptions, the lower bound of measured periods for steel MRF buildings taller than 120 ft
is twenty to thirty percent higher. Unlike concrete MRF buildings, many more data points support this

conclusion for steel MR buildings.

* Many measured period values exceed 1.2T and even 1.47T indicating that these limits are unrealistically

restrictive for steel MRF buildings.
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¢ As noted for concrete MRF buildings, the code formula for estimating periods of steel MRF buildings
leads to seismic coefficients that are almost always higher than those from measured periods (Figure
4). '

Concrete Shear Wall Buildings

The trends observed for concrete shear wall buildings (Figures 5 and 6) are quite different compared to
those noted previously for concrete and steel MRF buildings. The trends gleaned from results presented
for 16 concrete shear wall buildings are:

o The scatter in the plotted data is significantly larger (Figure 5) compared to both concrete and steel
MRF buildings (Figures 1 and 3). This indicates that building height alone may not be a good
parameter for estimating the periods of shear wall buildings and other parameters should be
investigated.

* Unlike MRF buildings, the code formula based on €, =0.02 may lead to periods of shear wall
buildings that are longer than measured periods (Figure 5).

e Obviously, the limiting values of 1.27 and 1.47 imposed by the codes on the peried from rational
- analysis are unreasonable for shear wall buildings.

o The code formula based on (, =0.02 also leads to seismic coefficients that are smaller and hence
unconservative compared to those from measured periods (Figure 6).
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Figure 5. Measured and code periods for Figure 6. UBC-94 seismic coefficients for
concrete shear wall buildings: C, =0.02. concrete shear wall buildings.

As mentioned previously, US seismic codes permit use of an alternative value of C, (Eq. 2}, that involves
area of shear walls, to estimate the periods of concrete shear wall buildings. In order to evaluate this
formula, measured and code periods are compared in Figure 7 for 10 selected buildings for which
information on area of shear walls is available. The measured periods are shown by circles whereas code
periods are shown by squares; the period values in the two orthogonal directions are connected by a
vertical line. Since, areas of shear walls in the two orthogonal directions can be different, the code
formula may lead to different periods in these directions. Also compared in Figure 8§ are seismic
coefficients calculated according to UBC-94 using the measured and code periods. The following trends

emerge from these comparisons: '

» Code Eq. (2) predicts periods that are generally much shorter than measured periods (Figure 7).

¢ The periods based on Eq. (2) also lead to seismic coefficients that may'be significantly larger than
calculated from measured periods (Figure 8). To reduce this resulting conservatism, Eqg. (2) should be
modified.
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ATC3-06 specifies that the period of a shear wall
building be calculated from Eq. (4) that involves not
only the building height but also the building base
dimension. In Figure 9, the measured periods of 14
selected buildings are compared with the values
calculated from Eq. (4). Comparison of the two sets
of data indicates that:

o There is significant scatter in the plotted data
indicating that he /L may not be a good
parameter fo estimate periods of shear wall
buildings.

¢ Eg. (4) underestimates significantly the periods of
buildings and leads to unnecessarily large seismic
coefficients.

CONCLUSIONS

This investigation on evaluation of code formulas for fundamental period of buildings has led to the

following conclusions:

¢ Code formulas for concrete and steel MRF buildings lead to periods that are generally shorter than
periods measured from strong motion records of buildings. The difference between the code and
measured periods, however, is much larger for taller buildings.

e The code formulas for estimating the periods of steel and concrete MRF buildings almost always lead
to higher values of seismic coefficients compared to the values based on measured periods.

e The code imposed limits on the period from rational analysis are reasonable for concrete MRF
buildings, but they are unrealistically restrictive for steel MRF buildings.

« For shear wall buildings, code formula based on C,=0.02 leads to periods much longer than
measured periods which in turn results in unconservative design forces. The code formula based on
C.=01/4A., on the other hand, results in much shorter periods and hence overly conservative

design forces.
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» The height, or height along with the base dimension, of 2 shear wall building alone may not be good
parameter(s) to estimate its fundamental period.

¢ Based on this data and observations, the period formulas in US seismic codes should be revised.
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ABSTRACT

The first part of this paper is concerned with the response of viscoelastic dampers subjected to transient
temperature conditions caused by heat generation during cyclic deformation. Simple tools for modeling
viscoelastic materials are discussed and verified using experimental data obtained in a test program on shear
dampers using the polymer Scotchdamp 109 of The 3M Company conducted at the Laboratory of the Civil
Engineering Department of the University of California at Berkeley. The second part of this study is a
numerical investigation of the effects of heat generation on the response of structures with supplemental
viscoelastic dampers with the aim of defining design guidelines for structures incorporating this type of
dissipater.
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Damping, energy dissipation, nonlinear viscoelasticity, damper design, experimental research.

INTRODUCTION

Application of acrylic-polymer dampers in retrofit and new construction has been accompanied by
extensive experimental research on their mechanical behavior (Mahmoodi, 1969; Aiken and Kelly, 1990;
Soong and Lai, 1991; Chang et al., 1992; Kasai ef al., 1993, Blondet, 1993; Nielsen ef al., 1994). Due to the
high sensitivity of the mechanical properties of this type of material to variations in temperature, modeling
this dependence and assessing its effects on the dynamic response of structures with supplemental
viscoelastic (VE) dampers is of significant relevance in developing design guidelines for this type of energy
dissipater.

Consider the following linear model of the shear force in a VE damper
A .
F(m)=;(Gl-(m)+JG,(w))V(m) ()

where A =shear area of the damper, #=thickness of the VE pad, G,(w)=storage modulus of the VE
material, G,(w)=loss modulus, j=imaginary unit, and V(w)=Fourier transform of the damper
deformation, v(t). At constant temperature and subjected to sinusoidal deformation of amplitude y ,, the
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dissipation of energy per cycle per unit volume is n{G,(m)|y ,*. This energy, in the form of heat, causes a
rise in the temperature of the material proportional to the square of the deformation amplitude.

For an arbitrary deformation signal, the total dissipated energy per unit volume is
1 -]
W=— [G(@wl() do @)
2n 7

where I'(m)is the Fourier transform of the shear deformation v (¢) = v(¢)/ 2. Designs of VE dampers with
variations in 4, maintaining constant the ratio 4/ 4, lead to lower or higher strains levels in the VE material
and, consequently, lower or higher dissipation per volume of material. This implies that 2 plays an
important role in the temperature problem because A controls the strain demand on the damper.

The design of VE dampers requires then the definition of design strain levels that guarantee appropriate
behavior of the dampers during operation. These strain levels will depend on the mechanical properties of
the VE material, the damper geometry, the frequency content of the deformation signals, the duration of the
excitation process, and the thermal conductivity and radiation properties of the damper.

This work describes an experimental program conducted at the University of California at Berkeley to obtain
data on the response of VE dampers during transient temperature conditions so that the merits of modeling
tools could be assessed. A second purpose of this investigation is to determine the effects of temperature on
the response of structures incorporating VE dampers so as to draw recommendations and guidelines for the
design of this type of dissipater.

EXPERIMENTAL PROGRAM

Experimental Setup

Six small dampers manufactured by The 3M Company using the Scotchdamp ™ Polymer 109 were used in
the experimental program. They had identical nominal geometry with two 0.3inthick layers, and cross
sectional areas of 15inx15in.

The dampers were tested in a Universal Testing Machine built by MTS Systems Corporation. The actuator,
commanded by a 5 GPM servovalve, had a capacity of 35kips and a stroke of 6in. The servolvalve was
commanded by an MTS 436 Control Unit which in turn, was digitally controlled using a personal computer
with data acquisition and control software. The load in the damper was measured using a tension and
compression load cell (Model 3174 Lebow, EATON Corp.) with a nominal capacity of 10kips. An
electrical oven with a digital temperature controller was used to heat the specimens to the desired initial
temperatures. An LVDT was used to measure the deformation of the damper; this signal was used as
feedback in the controller. Thermocouples (TC) were installed in the specimens tested and temperature

readings were accurate to +0.1°C. The TC junction diameter was 0.003 in; this especially thin junction was
used to reduce the time constant (thermal inertia) of the TC. Room temperature was measured with a
thermometer. '

The tests conducted in the dampers consisted in imposed deformation signals at various initial temperatures.
The command signals utilized were sine signals of frequencies between 01Hz and 4 Hz , sine sweeps, steps,
and broad-band signals. During the tests, deformation, force, material temperature and ambient temperature
were recorded. In addition, several tests were conducted to characterize the cooling process of the damper
with the damper undeformed. This was aimed at obtaining a simple first-order differential model for the
temperature of the damper to be used in the analytical phase of this research. Only a small fraction of the
data analyzed is presented herein. A detailed analysis of the data is presented elsewhere (Inaudi et al., 1996).

108



300 300 300
Ezoo (a) 200 200
é 100 100 100
E o ) 0
(2]
I
m~mc : -100 -100
I
T _200 -200 -200
-300 -300 -300
02 0 02 -02 0 02
SHEAR STRAIN

A e e s 4D 40

v

2

u

S| (@ 3s{ (b} a5 {c)
<

5 30 30 30

2

=

EZS/ 25 25

=

w

20 20 20

20 40 60 0 20 40 60 0 20 40 60

TIME [s]

Fig. 1. Hysteresis loops and material-temperature historics obtained in tests of
sinusoidal deformation: {a) 0.5Hz, (b) 1Hz, (c) 2Hz .

1500 T T T T T
TE
= T e T T T T
] =
5 - = ¢ 1
31000 > &
3 -
= -7 L
@ Lo70 o
] - s, oxperimonta!
o g P '
- + -
(] ”
z 4 '
: L o O Gs, theoratical
s
2 soo > 1
o /
E ’ = — = G, oxparimental
W I
'
I3
9 i + Gl, thoorolical
[y
[
0 —L 1 L 1, i)
0 S 10 15 20 25 a0

FREQUENCY [rad/s]

Fig. 2. Experimental and theoretical storage and loss moduli for polymer
Scotchdamp 109 at a reference temperature of 21°C.

109



Results

Figure 1 shows stress-strain curves measured during three sinusoidal-deformation tests of equal amplitude
and different frequencies (0.5Hz,1Hz,and 2Hz ) and their corresponding temperature histories 6(¢)during
the sixty seconds of testing. As illustrated in the figures, the higher the deformation frequency, the higher the
temperature increase in the VE material and, the higher the deterioration of the mechanical properties for the
same test duration. While a temperature increase of 3°C causes only a minor decrease in the energy

dissipation per cycle (Fig. la), an increase of 12°C causes a very significant reduction in the energy
dissipation per cycle (Fig. 1c).

The cooling process of the VE material during periods with no deformation after heating produced by cyelic
deformation of the damper was investigated during the tests. Data of the material-temperature decay from
various initial temperatures were obtained. It was observed that the rate of the temperature decay depends on
the initial temperature of the VE material and, modeled as a simple exponential decay

; 1
e(t)z__(e(t)_eumh)’ (3)

]
where 0, =ambient temperature, yiclds cooling times v, of about 2000s for 6(¢)-0 ,, ~1°C, 1000s for
8(t)-8_,, =10°C, and 700s for 8(¢)-8_, =20°C, for the dampers tested. In general, the rate of cooling

of a VE damper will depend on its geometry, and is a complex process because it depends on the initial
temperature distribution which in turn depends on the stress history. An important aspect verified during
testing is that the time constant of this process is significantly longer than the duration of earthquake signals.

MODEL OF VISCOELASTIC MATERIAL INCORPORATING TEMPERATURE

A model using a chain of Maxwell elements in parallel with temperature-dependent properties is described
in this section. The dynamics of the material temperature is modeled using a first-order differential equation
which accounts for heat generation in the VE material and energy losses due to conductivity and radiation.
The model of the damper is implemented numerically to assess the effects of temperature variations on the
performance of structures incorporating VE dampers.

Models Considered in the Literature

A widely used concept in linear viscoelasticity is the time-temperature superposition principle, which states
that the following relationship holds for the complex modulus G(w,0) = G(w(8),0,, ), where © is the

temperature of the material,6,,, = a reference temperature, and «(0)=shift factor. In the time domain,
these relationships imply E(¢,8)= E(¢/a(0),0,,), where £ is the relaxation function of the material and
t/a (@) is called the reduced time. Materials exhibiting this property are called thermorheologically simple.

For transient temperature conditions, Morland and Lee (1966) proposed the use of an integral expression of
the reduced time. More recently, a Kasai er al. (1993) and Aprile (1995) have proposed evolutionary models
in which the shear stress is expressed as:

o(f) = RS ]G(m,e(:))r(m)ef“’dm 0
n

where the evolutionary complex modulus G(w,8(t)) is modeled using fractiona! derivative operators and
the temperature dynamics is modeled neglecting heat losses due to radiation and conduction in the damper
and approximating the energy dissipation rate by the instantaneous power, which leads to

0()=0(1,)~ — [o (¢ )j () 6
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where ¢, =thermal inertia of the VE material, and ¢, = initial time.

A model of this kind incorporates the dependence of the mechanical properties of the VE material on
temperature, but makes an approximation in the dynamics of the material temperature because of the
difference between the energy dissipation rate and the input energy rate (Inaudi and Kelly, 1996) and the
neglect of conduction and radiation heat losses of the material. In addition, these models use fractional
derivatives which require step-by-step solutions in the frequency domain (Aprile, 1995) or memory variables
to approximate the integro-differential equations in the time domain (Kasai ef al., 1993) in the case of
transient temperature.

Maxwell Chains with Temperature-Dependent Parameters

A Maxwell chain with temperature-dependent relaxation times is used to model VE materials in this section.
In an attempt to improve the temperature mode! shown in Eq. (5), and still keeping a simple model for the
temperature dynamics without accounting for strain localization and variations of the temperature field in the
VE pad, yet at the same time, accounting for radiation and conduction heat losses from the damper, a simple
one dimensional differential model for the temperature of the VE material is proposed. The main
motivations behind this approach are computational advantages over fractional-derivative models, simpler
parameter identification procedure for the model parameters (a linear least-square problem), and exact
estimation of the energy dissipation rate.

The force f(t)in the proposed model for the damper satisfies

N,
f(6)= A3 z(1)+ k(1) ©)
1
where A =shear area of the damper, k, = static stiffness, and the N, state variables z,(r) satisfy
1
2 (t) = — AD+By¢ 7
z,(1) 1,(6)2’() By () , (7)

where t,(0)=relaxation time of the i-th Maxwell element, B, =elastic modulus of the i-th Maxwell
element, and ¥ (¢+) = v(¢}/ h. Utilizing a thermorheologically-simple model for the Maxwell chain, we have

1,(8)=1,(0,,)®) ®
In this work, we use the following expression for the shift factor (Kasai et al., 1993)
a®)=(6, /0)" ®

Using the database of polymer Scotchdamp 109 and for a reference temperature of 21°C, the shift factor is
curve fitted to the experimental data to obtain p = 561. The model parameters {3, are obtained using least
squares by selecting a set of 1,(8,,;) and minimizing the square differences in the storage and loss moduli

between the model and the experimental values.

The temperature dynamics is modeled as
1 1.
) =——zx()+—W() (10)
. Yo Gy
where x(1)=86(s)-90,,,, Y, =cooling time constant due to conduction and radiation losses, ¢, = thermal
inertia of the VE material, and W{(¢)=energy dissipation rate per unit mass which for this model, can be
written as '
R0
W(ty=) ——t— , (an
i 1,008,
Equations (7) and (10) are coupled differential equations that model the stress and temperature dynamics in a
model with N_ +1 internal variables, z,(¢) and x(¢).
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Comparison with Experimental Data

Comparisons were made between the recorded experimental data and the model predictions. This was done
using deformation signals recorded during tests and simulating the proposed model subjected to these
deformation signals. The numerical integration scheme utilized used a predictor-corrector scheme on a
partition of the differential equations based on the fact that the temperature dynamics has a large time
constant. Analytical predictions with and without temperature transients were compared with recorded
responses and very satisfactory correlation was obtained incorporating Maxwell chains with 5 to 10 elements
in parallel,

Figure 2 shows the model prediction of the storage and loss moduli at 21°C obtained using 10 Maxwell
elements with relaxation times at the reference temperature between 0.00lsand 1000s. Better fit to the
experimental data can be obtained using a larger number of Maxwell elements in parallel at the cost of
increasing the order of the model.

Figure 3 shows a comparison of experimental and simulated damper force in the case of a sweep
deformation signal of 40sin duration obtained using the Maxwell model shown in Fig. 2. The ambient
temperature of this test was 24°C, y, =1000s, and ¢, = 0.0051"Cin’ / Ib. As shown in Figs. 3a and 3b

very satisfactory correlation is obtained in the estimation of the damper force. Figure 3¢ shows the material
temperature recorded in the tests and that obtained in the simulation; again very good correlation is obtained.

EFFECTS OF TEMPERATURE IN DEFORMATION SPECTRA

A study of the effects of temperature variations on the response of single-degree-of-freedom (SDOF)
oscillators incorporating VE dampers was carried out using numerical simulation. The model studied was

mp(r) + me’ y(t)+ (1) = —mii, (1) (12)
where m =mass, © =undamped natural frequency, i, (1) =ground acceleration, and f(t) =force in the VE
damper modeled according to Eq. (6). The parameters 4and hof the damper were selected such that the
model had a specified equivalent damping & =(4G,(0)/ h)/2(AG,(0)/ h+mn?*) at the ambient
temperature, and a specified estimated maximum shear strain ¥, = D(0,E)/ A for the ground motion
considered, where D{(w,£) = displacement response spectra of a Kelvin SDOF oscillator with parameters @
and £ |, for the ground motion considered. ‘

Figure 4 shows deformation spectra and material temperature spectra for SDOF oscillators with equivalent
damping & = 0.05,010,0.15,0.20 and estimated maximum shear strains of ¥ . =020in figures (a) and

¥ mae = 0.501n figures (b). The initial temperature and ambient temperature were assumed as 21°C. As
shown in the bottom figures, the temperature increase in the VE material decreases with an increase in the
equivalent damping constant (Inaudi ef al., 1993; Inaudi and Kelly, 1996), and does not exceed 4°C in the
case of y,, =020 (low design shear-strain values), while it reaches almost 30°C in the case of
Y ma =050 2and & = 0.05. As shown in the top figures, these temperature variations have a detrimental effect
on the deformation of the oscillator which increases as the temperature rise in the damper increases. It is
observed that the temperature increase decreases with the undamped natural period of the structure because,
although the estimated strain levels are the same for the complete period range, the number of deformation
cycles increases with the natural frequency of the structure and, consequently, higher total energy dissipation

should be expected in the case of structures with larger frequencies. Similar conclusions can be reached
analyzing other earthquake signals (Inaudi and Kelly, 1996).

These type of response spectra can be utilized to recommend allowable design shear strain values for VE
dampers and are being currently studied by the writers.
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CONCLUSIONS

A simple and efficient model for VE dampers in structures subjected to earthquake or wind-type excitations
which accounts for temperature variations due to heat generation in the material and radiation and
conductivity losses was presented. Good correlation was obtained when comparing analytical predictions
and experimental data. The effects of heat generation on the response of SDOF structures with supplemental
VE dampers were evaluated using numerical simulation. Based on these results, design recommendations
regarding design strain levels for VE dampers can be developed. On the basis of results obtained in this

research, a maximum value of ¥ =015 is recommended when linear analysis is to be used in the
estimation of the response of the structure, that is if transient temperature effects are to be neglected.
Nonlinear analysis is recommended for cases in which y , > 015, that is when temperature can have
significant effect on the structural response.
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Abstract

Damage to reinforced concrete frames not meeting current seismic code regulations has been prevalent in
recent earthquakes. Performance of reinforced concrete frame buildings in past earthquakes reveals common
failure modes: shear failure and/or splice failure of columns, shear failure of beam-column joints or pullout of
reinforcement embedded in beam-column joints. The following paper presents methods to evaluate the
strength of reinforced concrete columns and connections with deficient details. Recent experimental and
analytical research efforts at the University of California at Berkeley have focused on methods to evaluate
concrete frames vulnerable to damage in an earthquake. Evaluation methods to assess the strength of
reinforced concrete columns and connections are validated using experimental research results.

Keywords
Reinforced concrete, columns, beam-column joints, retrofit, evaluation, rehabilitation, splices, shear strength
Introduction

Reinforced concrete buildings designed according to older code provisions have been found to be especially
vulnerable to earthquake damage. Where current code regulations have stringent detailing requirements to
ensure ductile behavior, previous regulations have been primarily strength based. Although new design
permits economical construction of well-detailed components, the construction cost of upgrading schemes
may be prohibitive. An accurate assessment of the system capacity may be required for economical reasons.

The paper presents methods to evaluate the strength of columns and beam-column connections found in older
reinforced concrete building construction. The methods included were verified using results from recent
experimental efforts at U.C. Berkeley as well as other research institutions. Methods to evaluate the shear
strength and lap splice capacity of reinforced concrete building columns are presented in light of recent
column tests. Strength of connections is evaluated considering bar pullout and joint shear.

Details
In existing, pre-1970's construction, it is common to find column longitudinal reinforcement spliced just above

the joint where maximum moments develop. Splice lengths and transverse reinforcement along the splice
were often calculated assuming the splice acted only in compression; the resulting splice tensile strength and
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ductility are commonly inadequate for expected loadings. Columa longitudinal reinforcement may be poorly
distributed around the perimeter of the column core. Transverse reinforcement was often sized to resist code-
specified shear forces and may be inadequate to resist the shear corresponding to development of column or
beam flexural plastic hinges. It is not uncommon for beams bottom longitudinal reinforcement to terminate a
short distance into the joint, creating the possibility of bar slip (or pullout) under moment reversals. Column
bars may be poorly distributed around the joint perimeter, and may be spliced just above the joint. Finally,
there may be minimal transverse reinforcement in the joint, or none at all. Other potential problems such as
eccentric joints may also be found.

Materials

Evaluating the behavior of existing reinforced concrete construction requires evaluation of in situ material
strengths. Assumed material strength values should be realistic yet conservative estimates of expected values.
Longitudinal reinforcement yield strength commonly may be as low as the specified yield strength; however,
yield strengths exceeding the minimum specified strength by as much as 20 percent of the nominal value also
are not uncommon. For members subjected to inelastic moment reversals, high yield strength combined with
strain hardening may result in stresses as high as 1.5, (fy is defined as the specified or nominal vield strength).
Concrete material strengths vary widely relative to design values. With well-compacted, well-cured concrete,
compressive strengths usually exceed design values at early ages and continue to increase with time. In other
cases, substandard concrete will be found.

Columns

Response and failure of a reinforced concrete column in a building frame under reversed cyclic loading may be
controlled by combined axial load and flexure, shear, splice failure, or a combination of these. An
experimental program at the University of California at Berkeley has studied these aspects for deficient
building columns (Lynn and Moehle). Eight columns were constructed at full scale with an 18-in, (46-cm)
square cross-section and 10-ft (3-m) clear height. The columns were reinforced with Grade 40 (275 MPa)
steel, either eight # 8 bars (25-mm) or eight # 10 (32-mm) bars longitudinally with #3 (1-mm) Grade 40 (275
MPa) perimeter hoops. Ties used in the first six specimens were square hoops with an 18-in. spacing.
Specimens 7 and 8 were detailed with diamond ties spaced at 12 inches. Lap splices, used in three of the eight
columns, have a length of 20 longitudinal bar diameters. The loading included axial load plus reversed cyclic
lateral load with zero imposed rotation at the column ends. Details of all columns in the test series are
provided in Table 1.

Fiexural-axial strength of column sections with light transverse reinforcement can be calculated using standard
ACI methods with expected material strengths, with direct consideration of material overstrength, strain
hardening, or understrength is sufficient. Table 1 presents flexural strengths for the columns tested by Lynn
and Moehle computed according to ACI 318-95.

Figure 2 displays results for specimen 2 (Lynn and Moehle). The column was detailed with lapped longitudinal
bars. For Grade 40 bars, 20-bar diameter laps, and widely-spaced ties, the bars are barely able to develop
yield, and rapidly lose capacity following yield. When the !ap fails, moment capacity at the lap reduces to a
value corresponding approximately to the product of the axial load and half the section depth. This failure
may transform an otherwise strong-colummn/weak-beam connection inte a weak-column/strong-beam
connection.

For columns with short, unconfined lap splice lengths, the cover concrete controls the splice capacity. The
stress capacity of the splice may be computed according to equation proposed by Orangun et al., as follows:

_4ulg

f;
dy

<, . M
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where the bond strength, u, is determined using Equation 2.
u = (122 +323C/d, +53d, /L WE with C/d, <15, with £, in psi. @)

This formulation has been verified for nominal steel strengths of 60 ksi (400 MPa) or less, and specified
concrete strengths not exceeding 5 ksi (30 MPa).

Post-yield behavior of a lap splice is strongly dependent on the amount and arrangement of the transverse
reinforcement. According to Sivakumat, ef al. a well-confined lap splice has transverse steel at a spacing not
exceeding Sma, With Sp., defined as follows:

*

L BlA m
e f,d; n 3)

where the ratio m/n is 1 for circular sections. When Equation (3) is not satisfied, it is likely that the stress
capacity will degrade with continued cycling. When Equation (3) is satisfied, the post- yleld behavior may
allow excursion into the inelastic range without rapid degradation.

Experimental details for five specimens with inadequate lapped splices are shown in Table 2. For all columns,
failure corresponded to loss of lap splice capacity. Results for the five specimens using Equations 1, 2 and 3 is
also included in the table. Using Equation 2 for a typical building column, represented by Specimen 2 by Lynn

and Moehle, results in a bond strength of 10 f; ,psi .

Shear strength of a reinforced concrete column varies with concrete strength, transverse reinforcement, axial
load, load history and flexural ductility demand. Shear strength expressions used for the design of new
building columns tend to be unnecessarily conservative for existing construction where the engineer does not
have the opportunity to place copious amounts of transverse reinforcement at a reasonable cost. Alternative
‘expressions may be desirable for existing construction.

Figure 3 compares the observed variation of shear strength as a function of displacement ductility demand
using experimental results from Lynn and Moehle. All columns failed in an apparent shear mode (as indicated
by crack patterns) following flexural yield. The plot shows the normalized shear as a function of the
displacement ductility, both at time of failure. The displacement ductility is defined as the ratio of the
displacement corresponding to a 20% reduction in strength to the displacement corresponding to first yield of
the longitudinal bars. The data indicate that shear strength is reduced for increased displacement ductility
demand. On the basis of the data shown in Figure 3, as well as other data, the following model for shear
strength is proposed. The equation is appropriate for building columns with an aspect ratio exceeding 2.5.

v, —35[q+ o }fAE,(psn with12q=(4-pg)/32(1/3.5 (4)

cig
Typical tie spacings in existing buildings column exceed d/2, rendering the shear strength normally associated
with transverse confinement (ACI-318) negligible. Equation 4 is appropriate for columns with widely-spaced
ties. For columns with a larger amount of transverse reinforcement, the following expression from Aschheim

and Mochle (1992) may be more appropriate.

. mA,f d
V,=V,+V,, V, = 3.5[14 + ]\/EAE,(psi), V, =y

NU
2000A, an 30 (5)

with 12k =(4-5)/320
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Values given by the previous expressions should be interpreted with caution. The displacement ductility term,
s, is difficult to assess, in the laboratory and more so in existing buildings. Furthermore, the slope of the line
representing the relationship between column shear strength and displacement ductility demand is dependent
on the load history; a larger number of cycles at the same displacement ductility demand is likely to result in a
steeper slope and vice versa. Both issues should be considered when evaluating column shear strength.

The preceding expressions have been developed for slender columns. Studies show these expressions are
unnecessarily conservative for columns with an aspect ratio of less than 2.5. The following expressions from
Umehara and Jirsa give reasonable correlation with observed shear strengths for columns with aspect ratio
less than 2.5.

-0, ‘ 160A
Vn=[u—33}%JE+02N%pg;OZN“s———ﬁ,lsqd525
d a/d ad  ad 6)

Beam-Column Connections

Embedded Bar Strength

Strength of a beam-column connection may be limited by pullout of discontinuous bottom beam
reinforcement. To determine if the bar embedment length is adequate, a procedure adopting guidelines
developed by Eligehausen et al. is used. In the adaptation, the stress in the column longitudinal reinforcement
is used as an indicator of the transverse stress field acting on the embedded bar. For zero column
reinforcement tensile stress, the maximum pullout strength is obtained corresponding to shearing failure of the
concrete surrounding the bar. For high column reinforcement stresses, a minimum pullout strength is obtained.
The procedure is as follows:

1. Following the recommendations of Eligehausen et al., the maximum and minimum strengths for normal
strength concrete and for bars that are #10 or less are:

Fon = Sy, psi(Mdyly) ; Foae = 304/E, psi(nd,l,)

. (7
with Fpy < Fpgy < F,

where Fry, is less than or equal to the expected yield strength. ,

2. The flexural strengths of the beam, Mymin and Myqa, corresponding to development of Fy, and Fra. are
determined.

3. The column flexural demands, M., and M., are computed. Using the Eligehausen et al.
recommendations, development of My, in the beam corresponds to no tensile stress in the column
longitudinal bars. Development of My, in the beam corresponds to a tensile stress of 43 ksi in the column
longitudinal bars. Therefore, M, corresponds to f. = O ksi and M, corresponds to f = 43 ksi.

4. Assuming the flexural demand is distributed according to the relative stiffnesses of the columns adjacent to
the connection, the maximum and minimum flexural demands in the column, Mcmin corresponding t© Mpmn

and M. corresponding to My, are determined.
5. The following table can be constructed and the two series plotted (Figure 4):

X axis Series 1 Series 2
Mimin M, 43ksD) | Memin
Mbma.x Mco (0 kSi) Mcrnax

The intersection point of the two series is the beam flexural strength, My, corresponding to bond failure of
the embedded bar.
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Table 3 presents experimental data for joints with embedded bars. The embedment length, materjal strength
and experimental results are presented. The flexural strength, My, computed using the above procedure gives
reasonable correlation with the experimental values.

Shear Strength

Several researchers have reported behavior of interior and exterior connections representative of those found
in pre-1970's concrete construction. A commeonly reported index is the nominal joint shear stress before onset
of joint failure. This measure of joint capacity must be viewed cautiously. Joint shear strength appears to
depend not only on joint size, geometry, materials, and reinforcement quantity, but also on bond conditions
within the joint and flexural ductility levels of the adjacent framing members. For example, a joint shear
strength measured in a test in which the framing members did not yield may not be applicable for an identical
joint in which the framing members are yielding. More general relations between joint shear strength and
component ductility levels are desirable but not yet available for existing construction details. Modern beam-
column connections in ductile moment resisting frames are required to remdin intact even after flexural
yielding of adjacent members. Since most upgrading schemes require ductile retrofit of adjacent members,
joint shear strength values reported herein are for joints failing in shear following flexural yielding only.

Figure 5 presents data on interior joints gathered by Otani. These data suggest that interior joint shear
strength is sensitive to small changes in transverse reinforcement, but strength does not increase significantly
for transverse reinforcement ratios above about 0.003 (relevant data labeled with triangles). Similar results
were reported by Kurose et al. as shown in Figure 6 (relevant data labeled with squares) {The mechanical
joint lateral reinforcement ratio of 3 is approximately equivalent to a reinforcement ratio of 0.003 for typical
material strengths found in existing construction). Figure 7 presents data on exterior joints reported by Kurose
et al. (relevant data labeled with squares). Note that for exterior joints, ACI 318-95 prescribes a joint shear

strength of 12 \/E A;. All exterior joints (without transverse beams) failing at a joint shear demand less than
that prescribed by ACI had a deficient amount of transverse steel,

On the basis of the preceding information, nominal joint shear strength can be expressed as:

V, = Ayy/LL A, psi (8)

in which A= 0.75 for LWC or 1 for NWC, and ¥y and A; are as defined below.

Value of y Interior joint Exterior joint Knee joint
p” With Without With Without
transverse | transverse | transverse | transverse
beams beams beams beams
<0.003 12 10 8 6 4
20.003 20 15 15 12 8

Effective joint area A; is defined according to ACI 318-95 for concentric joints. Joint shear strength values for
exterior joints without transverse bcams may overestimate the joint shear strength capacity of joints with high
flexural ductility demand. Use of joint shear strength values without further experimental verification should
be done so with caution.
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List of Symbols

a/d - column aspect ratio M.,, - experimental flexural strength

A, - area of core cross-section Ws - displacement ductility

A, - area of effective cross-section n - number of spliced longitudinal bars
A; - area of gross cross-section n, - number of cycles sustained

A; - effective joint area (ACI-318) N, - axial load

A, - area of transverse reinforcing bar p'' - transverse reinforcement ratio

C - concrete cover s - actual tie spacing

d, - bar diameter S - NAXimum tie spacing

f. - concrete compressive strength u - bond stress

f, - lap splice strength V. - shear strength attributed to concrete
f. - tensile stress in column longitudinal bars V. - shear strength of concrete section

f, - yield strength of longitudinal steel V, - shear strength attributed to steel
;- lap splice length Ve - experimental  shear  strength
m - number of transverse reinforcing bars
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Tables and Figures

Figure 1 Columns Tested by Lynn and Moehle

121

LD. | f. d, | s I, N, V. Ay Us Mo, | Mg
1 3.71 1.25 | 12| no splice 1134 61 1.91 1.60 3539 3604
2 3.71 125 12 25in. 1134 60 2.03 1.44 3481 | 3604
3 4.80| 1.00| 12| nosplice 113.4 54 2.03 3.75 3133 2718
4 480| 1.00| 12 20 in. 113.4 52 2.16 4.94 3017 | 2718
5 3.70| 1.00| 12| nosplice 340.0 71 1.27 1.20 41191 3364
6 4.00| 1.25| 12| no splice 340.0 76 1.07 1.43 4410 | 4258
7 4.00| 1.25( 18| nosplice 340.0 80 1.91 1.20 46421 4258
8 370 1.25| 18 25in. 340.0 85 1.91 1.20 4932+ 4134

Table 1 Specimens Tested by Lynn and Moehle
Reference (1.D.) £, f, dy s I, i actual |f; Eqn. 2 |foe/fscomp | Smax | Ds
Lynn (2) 470 50| 1.00| 18| 20 50 50 1.00 2|2
Aboutaha (1) 2.85| 70| 098] 16| 24 53 52 1.01 2|1
Priestley (1) 4061 45| 1.38]3.5| 30 45 45 1.00 415
Chai (1) 554} 46| 075 5] 15 46 46 1.00 3
Valluvan (1) 350 704 075[ 12| 18 42 44 0.96 311
"~ Table 2 Splice Strength
Reference f. f, ds Le % P M, MM
Pessiki (7) 337 6941 1.00 6.0 1121 841 1.33
Pessiki (8) 337 694] 075 6.0 1121 1104 1.01
Beres (4) 337 69.4] 1.00 6.0 752 671 1.12
Lowes (1) 5.10 48 | 0.88 17.5 1472 1488 0.99
Soyer (1) 6.16 461 075 15.0 M, M, 1.00
Table 3 Embedded Bar Strength
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#5 or 410 longitudinal bars
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ABSTRACT

A series of experimental tests investigating the seismic behavior of reinforced concrete beam-column T-
joints was recently completed at the University of California, Berkeley. The evaluated connection was
representative of interior beam-column joints in multi-column bridge frames constructed in the 1950’s and
1960’s. Three one-third scale models, representing the as-built joint and two retrofit joints, were tested.
The results of this research project are an improved understanding of the seismic behavior of lightly
reinforced bridge T-joints, as well as verification of a design procedure for retrofitting this type of
connectior.

KEYWORDS

reinforced concrete; earthquake loading; retrofit; bridge design; seismic design; beam-column joint; t-joint;
experimental testing; cyclic loading; bond.

INTRODUCTION

Recent earthquakes have exposed the weaknesses of older reinforced concrete beam-column bridge joints.
The collapse of the upper deck of the Cypress Street Viaduct in Oakland, California during the Loma Prieta
earthquake was attributed to the failure of exterior beam-column joints (Bollo, 1990). The Viaduct was
constructed in the late 1950’s when standard practice for bridge design did not specifically address joint
design. At that time, design details for longitudinal reinforcement passing through or terminating in the
joint were commonly based solely on anchorage requirements under gravity loading. Additionally, for ease
of construction, transverse reinforcement was frequently discontinued in the joint region.

Researchers began a dedicated investigation of the design of beam-column joints for earthquake loading in
the 1960’s. Since then, the majority of this research has focused on new design of building joints and has
not addressed the issues critical to retrofit design for existing bridge joints. Based on this research, current
standard practice for the design of new building joints requires that transverse reinforcement be provided in
the joint to transfer load and to confine the joint core concrete. However, it is often impractical to retrofit
older, lightly reinforced joints with the volume of transverse reinforcement and reinforcement details
recommended for design of new joints. Additionally, with older, lightly reinforced bridge joints, there are
the concerns of deterioration of load transfer mechanisms due to the yielding of the members that frame into
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the joint, as well as develepment of adequate bar anchorage for member longitudinal steel passing through
or terminating in the joint.

In California there is a significant number of older reinforced concrete bridges. Many of these bridges
require retrofit of beam-column connections in order to ensure a ductile response to earthquake loading.
With the goal of verifying a design procedure for retrofitting these joints, scaled models of an as-built
beam-column T-joint (Model One}) and two retrofit T-joints (Model Two and Model Three) were tested.

EXPERIMENTAL TEST MODELS AND TEST PROCEDURE

Engineering drawings of single level, multi-column reinforced concrete bridge frames designed and
constructed in California in the late 1950°s and early 1960’s were reviewed to determine typical dimensions
and reinforcement details. Based on this review, a prototype frame was designed (Figures 1 and 2). This
frame included the following typical reinforcing details that were considered to be critical to the behavior of
interior beamn-column joints:

* Grade 40 (f; = 317 MPa) column longitudinal reinforcing bars were anchored in the joint with
straight development lengths of 20 ds.
Neither beam nor column transverse reinforcement was continuous through the joint region.
The majority of beam bottom longitudinal reinforcement was not continuous through the joint.
Column axial load was approximately three percent of nominal concrete capacity.
Beams were designed so that maximum flexural reinforcement strain under gravity loads was
approximately 25 percent of the yield strain.

During the 1950’s and 1960’s common practice did not dictate consideration of the relative flexural
capacity of beams and columns framing into the joint, consideration of the force transfer through the joint
region, or consideration of member shear capacity as a function of member flexural capacity. For this test
program, the flexural reinforcement ratios of the prototype frame were adjusted to result in a frame that
included the following target design features:

# The sum of the cap beam nominal flexural strengths exceeded the column nominal flexural strength
{(both projected to the joint center), although yield of the beam in positive flexure was expected prior
to flexural yielding of the column. This target yield path was expected to result in particularly
critical anchorage conditions for the column reinforcement.

* The maximum nominat joint shear stress was expected to be 22,/ kPa, with f; equal to the

concrete compressive strength in kPa (857, psi, f. in psi).

* To prevent shear failure of either the beams or the column, transverse reinforcement for both the
beams and the column was designed to support the shear force corresponding to the member
ultimate flexural strength. This resulted in the use of significantly more transverse reinforcement
than is usually found in existing bridges from this time period.

Because of the size and strength of actual bridges it was not feasible to experimentally test in the laboratory
an entire bridge frame. Therefore scaled sub-assemblages from the prototype frame were tested (Figures 1
and 2). By using a scaling factor of one-third, the test specimens were sufficiently large that it was possible
to use the same construction materials in the models as were found in the actual structures. Sub-
assemblages consisted of a single interior column, the beam-column joint and a portion of the cap-beam
extending on either side of the joint. To model the internal force distribution, determined from an analytical
model of the prototype frame, appropriate boundary conditions included the following (Figures 1 and 2):
e The moment and shear distribution at the beam-joint interface due to gravity loading was simulated
by point loads acting on the top of beam. Gravity loads were reacted at the base of the column.
* Simulated earthquake loads were applied to the base of the column through an idealized pin. This
loading was equilibrated by concentrated reactions acting perpendicular to the beam at the ends of
the beam and by a compressive reaction acting along the axis of the beam at one end of the beam.
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ANALYSIS OF EXPERIMENTAL DATA

To ensure that the results of this study could be compared with the results of previous research, nominal
joint shear stress was computed as a measure of joint load. The ACI-ASCE Committee 352 (ACI-ASCE
352, 1985) procedures for calculation of joint shear force are based on the assumption that beams develop
flexural strength at the joint face and that columns remain essentially elastic. The nominal joint shear stress
calculated by this procedure acts on a horizontal plane at the mid-height of the joint. In bridge construction,
where column yielding often is the desired mode of inelastic response, revised procedures for calculating
the nominal joint shear stress are required, as described below.

To determine a nominal joint shear, the actions from the members framing into the joint were assumed to
comprise member shear and tension and compression forces, with tension and compression forces
representing the member moment and axial load, see Figure 3.  Tension and compression forces at both
the beam and column critical sections were assumed to act at the centroid of the extreme longitudinal
reinforcement in the member (see Figure 3). The effective depth of the joint was defined to be equal to the
depth of the member tension-compression couple (see Figure 3). Effective joint width was taken equal to
the width of the beam, including retrofit if present. It is also noted that the member critical sections were
located at the perimeter of the effective joint. Nominal horizontal joint shear was computed at mid-height
of the joint and nominal vertical joint shear was computed at mid-span of the joint. Nominal joint shear
stresses were computed as the nominal joint shear force divided by the appropriate effective joint area.
Because in this study joint forces and joint areas were computed in a consistent manner, the resulting
nominal vertical and horizontal joint shear stresses were equal (see Figure 3).

The effect on the joint of cyclic loading was evaluated through analysis of the load-displacement and
nominal joint shear stress-strain relationships. The experimental load-displacement relationship was
compared with that computed from a simple analytical model. Applied load corresponded to the simulated
earthquake load applied transverse to the column axis by the actuator at the column base. Model
displacement was defined as the displacement of the base of the column parallel to the beam axis,
Analytical model strength was computed based on the flexural strength of the members. Member nominal
flexural strengths were computed in accordance with ACI Committee 318 (ACI 318, 1989), with the
exception that for Model One, beam positive nominal flexural strength was computed based on beam
bottom longitudinal reinforcement being at the yield point. For Model One it was expected that beams
would develop nominal positive flexural strength prior to the column; beam post-yield strength was
computed based on the assumption that the beam bottom reinforcement carried the maximum measured
tensile strength. Analytical model stiffness was computed assuming a rigid joint zone and constant stiffness
for each member cross-section. For all members, with the exception of Model Three beams, cross-section
stiffness was computed as the secant stiffness to the cross-section moment-curvature relationship at 75
percent of the nominal flexural strength. For Model Three beams, the cross-sectional stiffness was taken as
the secant stiffness to the moment-curvature relationship at 75 percent of the maximum flexural load carried

by the beams.

Nominal joint shear stress-strain relationships were also evaluated through comparison of the experimental
and computed relationships. Nominal joint shear stress was computed from the measured load as
previously discussed and joint shear strain was computed from deformation at the surface of the joint as
measured by direct current differential transformers (DCDT’s) and from deformation as measured by
concrete strain gages embedded in the joint core. The experimental nominal joint shear stress-strain
relationships were compared with that computed from the material constitutive relation.

Slip of column longitudinal reinforcement was measured as a means of evaluating the anchorage of this
reinforcement in the joint. PVC tubing was used to leave a hole in the concrete extending from the top of
the joint to the end of two column longitudinal bars anchored in the joint. DCDT’s were used to measure
the movement of the bar ends with respect to the top of the joint.
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EXPERIMENTAL TEST MODEL ONE

Model One was the as-built model previously discussed (see Figure 2). When subjected to the simulated
earthquake loading, the model did not perform in a ductile manner. Although the model carried the
simulated gravity forces throughout the test, peak simulated earthquake load was only 66 percent of the
nominal strength. The model exhibited a large reduction in stiffness and load capacity when cycled to
relatively small maximum displacements and this degradation continued as testing progressed. Also during
small displacement cycles, diagonal cracks formed in the cover concrete in the joint area; these cracks
appeared to initiate in the concrete over the anchored column reinforcement and propagate towards the
column compression zone. At the peak load, significant cracking occurred in the joint. These cracks
appeared to delineate the anchorage zone of the column longitudinal reinforcement. During subsequent
displacement cycles, damage continued to accumulate in the joint and the model began to lose simulated
earthquake load carrying capacity. Testing of Model One was concluded when the model exhibited only
minimal earthquake load capacity.

Figure 4 shows the experimental and computed load-displacement relationships for Model One, Figure 5
shows the experimental and computed nominal joint shear stress-strain relationships and Figure 6 and
Figure 7 show the relationship between model displacement and slip of column longitudinal reinforcement.
Model One carried a peak nominal joint shear stress of 14,7, kPa, . in kPa (54./7, psi, f; in psi). Atthe
maximum load, column bar slip of 1.5 mm (0.06 inches) was measured. Bar slip accumulated as testing
continued and the instrumentation maximum of 31 mm (1.2 inches) was measured prior to the final
displacement cycles.

EXPERIMENTAL TEST MODEL TWO

Model Two was a retrofit as-built connection. The retrofit was designed following the testing of Model
One and consisted of casting reinforced concrete bolsters on both sides of the existing as-built cap beam
(see Figure 2). Bolsters were designed to increase beam flexural capacity so that under earthquake loading
the column would develop nominal flexural strength while beams would remain essentially elastic. It was
expected that the additional concrete volume in the joint region would result in a maximum joint shear
stress comparable to the maximum stress developed in Model One and that additional concrete cover would
increase bond stress capacity in the joint for the column reinforcement.

When subjected to simulated earthquake and gravity loads, Model Two maintained gravity load throughout
the test and earthquake load carrying capacity to a nominal ductility of four. Modet Two carried a peak

nominal joint shear stress of 13.7,/f, kPa, f; in kPa (52/f. psi, f in psi). However, damage accumulated

in the joint. Also, measured maximum column bar slip was equal to the instrumentation maximum of 31
mm (1.2 inches).

EXPERIMENTAL TEST MODEL THREE

Following the testing of Models One and Two, a second retrofit design was implemented in Mode! Three.
This retrofit consisted of the addition of post-tensioned concrete bolsters on both sides of the as-built beam
(see Figure 2). As was the case for Model Two, the addition of bolsters was anticipated to increase beam
flexural strength so that under simulated earthquake loading, inelastic deformation would be isolated in the
column. The bolsters and post-tension force were designed to reduce the maximum nominal joint tensile
stress to below the nominal concrete tensile strength. Additionally, it was expected that the addition of the
post-tension force would improve anchorage of column longitudinal reinforcement in the joint by widening
the zone of compression in the joint. Qualitative evaluation of the joint load transfer mechanism for Model
One indicated that very little of the column reinforcement was anchored in the joint compression zone.
Addition of the post-tension force in Model Three increased the zone of compression in the joint, thereby
increasing the length of column longitudinal reinforcement developed in this zone and improving anchorage
of this reinforcement.
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Only the retrofit bolsters were post-tensioned, and force transfer between the existing beam section and the
bolsters was achieved through shear friction at the concrete interface. Steel reinforcing dowels were
epoxied into holes drilled in the existing beam, the reinforcing steel in the retrofit bolsters was placed
around these dowels and the bolster concrete was cast. At the ends of the beam segments, these dowels
were designed to ensure that the post-tension force would be evenly distributed between the bolsters and the
existing beam at a distance of 1.25 times the beam depth from the beam-joint interface. Elsewhere along
the length of the beam, these dowel bars were placed at a nominal spacing of 102 mm (4 inches) for the
one-third scale model.

With the added post-tension force, a consistent method for calculating nominal joint shear stress was not
entirely obvious. It was decided that at the beam critical section the post-tension force would be modeled as
a single point force acting at the mid-height of the member. Based on this model, the nominal joint shear
stress did not depend on the post-tension force. Nominal joint principal stresses were computed from the
nominal joint shear stress and the nominal joint compressive stress, that was considered to be equal to the
post-tension force distributed across the entire beam area.

Model Three behaved in a ductile manner when subjected to simulated earthquake and gravity loading.
Throughout the laboratory test, the joint remained essentially elastic and flexural yielding was isolated in
the column. The model carried a maximum simulated earthquake load of approximately 1.1 times the
calculated strength at a displacement of approximately nine times the nominal yield displacement. Figure 8
shows the computed and experimental load-displacement relationships, Figure 9 shows the computed and
experimental nominal joint shear stress-strain relationships and

Figure 10 and Figure 11 show the relationship between model displacement and slip of column longitudinal
reinforcement. For this model, the maximum load corresponded to a nominal joint shear stress of 13/,

kPa and a maximum nominal joint tensile stress of 7.9./7. kPa, f. in kPa (48,7, psiand 307, psi, f;in
psi). For this model, maximum column bar slip was less than 0.5 mm (0.02 in.).

CONCLUSIONS

Consideration of nominal joint shear stress is not sufficient for evaluation or retrofit of beam-column T-
joints in older reinforced concrete bridge frames. Evaluation and retrofit must include appraisal of foad
transfer mechanisms and anchorage of member longitudinal reinforcement in the joint. Nominal joint shear
stress can be used in evaluation and retrofit design; however, because older reinforced concrete bridge joints
are usually only very lightly confined by joint transverse reinforcement and by members framing into the
joint, the nominal joint shear strength of these joints is relatively low. For post-tensioned joints, evaluation
of nominal joint principal tensile stress provides a useful criterion for design. The distribution of stresses
within the joint should be evaluated qualitatively to verify that yielding of members framing into the joint
does not deteriorate joint load transfer mechanism and to verify that member longitudinal reinforcement
terminating in the joint is anchored in compression zones. Retrofit design should focus on reducing bond
stress demand, increasing bond stress capacity and reducing concrete nominal principal tensile stress in the
joint as well as development of desirable frame yield mechanisms.
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EXPERIMENTAL OBSERVATIONS ON THE SEISMIC RESPONSE OF BEAM-COLUMN
JOINTS IN REINFORCED CONCRETE DOUBLE-DECK BRIDGE STRUCTURES

SILVIA MAZZONI

Graduate Research Assistant, SEMM, Department of Civil and Environmental Engineering,
Earthquake Engineering Research Center, University of California, Berkeley, CA 94708

ABSTRACT

A research program to study the mechanisms controlling the seismic response of reinforced concrete beam-
column joints in ductile double-deck bridge structures is being conducted at the University of California at
Berkeley. Two one-third scale beam-column joint test specimens were built according to current design criteria
and tested in the laboratory. The two test specimens differed in the capacity of the members framing into the
joints. This difference in capacity resulted in a difference in maximum demands on the beam-column joint at
the member interfaces. The scope of the tests was to determine the response of the joints when subjected to
uni- and bidirectional loading cycles and compare the response to different levels of maximum joint shear stress
demand. The test specimens were able to sustain the design forces and deformations without significant distress
in the joint. Most of the plastic deformation and damage concentrated at the column ends. Analysis of the
response of the two specimens will be used in the development of joint force transfer mechanisms.

KEY WORDS

seismic design, beam-column joints, compression strut mechanism, truss mechanism, joint shear stress

INTRODUCTION

The principal mechanisms that are widely accepted to model joint behavior in the design of building structures
are the compression strut mechanism and the truss mechanism. In the compression strut mechanism, the
concrete transfers the compression forces across the joint while member longitudinal reinforcement in tension
is anchored in this compression force field, as shown in Fig. 1. In the truss mechanism, the tension and
compression forces are transferred by the interplay of joint reinforcement and core concrete, as shown in Fig.
2. In joints where yielding occurs at the beam ends and the columns remain elastic, both models require
additional horizontal joint reinforcement to confine the concrete or resist joint shear. The distributed column
reinforcement, being elastic, is usually relied on to act as vertical joint reinforcement. In bridge construction
it is more common to design a structural system where yielding is anticipated in the columns rather than the-
beams. In this case it is unclear whether the distributed column reinforcement can be relied on to act as vertical
joint reinforcement. The objective of the test program described in this paper is to investigate this issue.

Two one-third scale beam-column joints with different levels of joint shear stress demands were built according
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to current design criteria and tested in the laboratory. The difference between the two specimen lies in the
difference in capacity of the members framing into the joint. The nominal strength of the columns and beams
of the second specimen are greater than those of the first. This results in a higher joint shear stress demand
imposed on the beam-column joint of the second specimen.

-The joint design was according to the recommendations of the 1985 report of ACI-ASCE Committee 352 [ACI-
ASCE, 85]. These recommendations are given for the design of beam-column joints in building frames, where
vielding is expected at the beam ends. Because yielding is expected at the column ends in the test specimens,
the applicability of these design recommendations is assessed in the test program. The joint shear stress demand
imposed on the beam-column joint of the first test specimen equals the capacity prescribed by the ACI-ASCE
Committee 352 recommendations for this type of joint. The demand imposed on the beam-column joint of the
second specimen exceeds the prescribed capacity. The tested beam-column joints, reinforced only with a
horizontal spiral and no vertical ties, were able to carry the imposed shear demands without significant distress.

The specimen design, instrumentation system, testing set-up, and test results for the first test specimen have
been discussed in more detail elsewhere in the literature by Mazzoni [ Mazzoni ef al. 1995].

ACI-ASCE COMMITTEE 352 RECOMMENDATIONS

ACI-ASCE Committee 352 recommendations provide guidelines on the design of member proportions and
reinforcement details in the beam-column joints of reinforced concrete moment resisting building frames. The
design criteria for the joint specify the amount of transverse reinforcement necessary to confine the joint core
$0 it can resist the design shear stresses. The recommendations published in 1985 hypothesize that joint shear
is carried primarily by a diagonal compression strut from one corner of the joint to the opposite corner. Joint
transverse reinforcement serves the purpose of confining the diagonal compression strut so that it can retain
strength to target inelastic deformation levels.

For joints with anticipated large inelastic deformation demands in adjacent beam components, the nominal joint
shear strength, V,, is expressed as:

v - y\/fcpsf)'b'h (1)

where f°_ is the specified compressive strength of the concrete in the joint; 3, is the effective joint width; and
h is the thickness of the column in the direction of load being considered. Because it does not have horizontal
structural members framing into all four sides, the lower level beam-column joint in a double-deck bridge
structure is considered an exterior joint. For this case, Y=15. The committee report recommends that the design
should ensure flexural hinging in the beams rather than in the columns, as is typical in the design of moment
resisting building frames.

The joint reinforcement prescribed by the committee consists of a horizontal spiral, or horizontal rectangular
hoops and cross-ties. In consideration of vertical joint shear stresses, the committee report specifies that column
reinforcement shall be distributed uniformly around the joint. It is assumed that the column longitudinal
reinforcement, expected to remain elastic, will provide any needed restraint against vertical dilation of concrete
in the joint.

DESIGN OF TEST SET-UP

In a typical double-deck bridge structure, the lower deck is rigidly framed into the columns, whereas the upper
deck and footing are pin-connected to the columns. During seismic excitation, the longitudinal inertial forces
are resisted by framing action between the lower deck and the columns. A longitudinal edge beam stiffens the
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deck at this level to improve this framing action. Transverse inertial forces are resisted by framing action
between the lower deck bent cap and the column.

In the laboratory, the two lateral load resisting systems, longitudinal and transverse, are studied both
independently and simultaneously. The model tested in the laboratory is shown in Fig. 3. The lateral loads are
applied by actuators attached to the top column. Even though the inertial loads in the prototype are distributed
between both levels, the specimen in the laboratory is subjected to lateral loads at the top level only so that both
columns are subjected to similar loads. The loading actuators are shown in Fig. 4. The actuators are installed
perpendicular to each other and at an angle to the specimen so that bidirectional loads can be imposed from a
single reaction frame. Displacement cycles of increasing amplitude are imposed by these actuators.

The dead load of the structure is simulated by an unbonded prestressing rod passing through the column center.
The prestressing load is the same for both columns.

DESIGN OF TEST SPECIMEN

The experimental program involves testing of two physical models of a joint of a double-deck bridge structure.
The joint configuration is depicted in Fig. 3. The specimens are designated Specimen-1 and Specimen-2,

As described previously, the design approach for bridge structures commonly strives to have flexural plastic
hinges in the column, with effectively elastic response in all other components. For Specimen-1, the objective
is to achieve a relatively high nominal joint shear stress of 15 V£, (psi). The quantity of column longitudinal
reinforcement is set so as to achieve this target joint shear stress when the column reaches its plastic moment
strength. The columns are designed to have the same strength so that the worst loading conditions are imposed
on the joint.

The objective in the design of Specimen-2 was to achieve a higher nominal joint shear stress of 20 V£, (psi).
The same design procedure as that used for Specimen-1 was used for Specimen-2. The joint configuration and
member dimensions were kept the same as those of Specimen-1. The reinforcement details for the two
specimens were also kept the same by replacing the #5 bars used for the longitudinal reinforcement of
Specimen-1 with #6 bars in Specimen-2. The amount of transverse reinforcement in the joint is identical for
the two specimens since it is based on the recommendations of ACI-ASCE Committee 352, The amount of
transverse reinforcement was changed only in the transverse cap beam due to the increased shear demand.
Reinforcement details are shown in Fig, 5-7.

TEST PROGRAM AND RESULTS

Loading History

The test specimen was subjected to both unidirectional and bidirectional loading. The loading scheme is shown
in Fig. 8. The last two unidirectional loading cycles are performed to determine the damaging effects of
bidirectional loading on the specimen response. This loading scheme is applied to each specimen at cycles of
displacement amplitudes increasing from 0.1 inch to 12 inch.

Observed Behavior -- Specimen-1

The first hairline cracks appeared at the bottom column-joint interface at displacements of 0.1 inch. The number
and size of the cracks increased with increasing displacement amplitudes. Typical bending cracks were
distributed along the column height near the joint.
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At displacement cycles of 3 inch it was visually noticeable that most of the deformation concentrated in the top
story. As the displacement amplitude increased, the damage concentrated in the top column plastic hinge where
significant increase in distress was evident. Even though the cover concrete had previously spalled over a
significant length, no further distress was noticed in the bottom column plastic hinge zone.

At displacement cycles of 5 inches, diagonal cracks began to appear in the beams near the beam-joint interface.
As the displacement amplitude increased, the cracks began to fan out toward the mid-depth, as shown in Fig.
9. At a displacement amplitude of 8 inches, during the longitudinal and transverse cycles after the bidirectional
loading, the first signs of buckling of the top column longitudinal reinforcement were noticed.

During the first longitudinal cycle at a displacement of 12 inch, the top column longitudinal reinforcement
buckled on the compression side. Some bars buckled in the plane of the spiral, some inward, and some
outward. In the second longitudinal cycle at this displacement, one of the bars that buckled in the previous
cycle, the one at the extreme tension fiber, fractured. Additional bars buckled and fractured during the
excursion in the transverse direction at this displacement level. All of the buckled and fractured bars were in
the top column plastic hinge zone. '

Observed Behavior -- Specimen-2

The first cracks began to appear at the column-joint interface at displacements of 0.25 inch. At a displacement
amplitude of 0.5 inch, additional bending cracks were evident along the column height.

At displacement cycles of 3 inches most of the damage began to concentrate in the bottom column plastic hinge
zone. At this displacement amplitude shear cracks appeared in both the columns and the beams -- the amount
of shear reinforcement in all the members but the transverse cap beam is the same for both Specimen-1 and
Specimen-2.

The diagonal cracks that were seen at the vertical beam-~joint interfaces of Specimen-1 were also observed at
the same locations in Specimen-2 at displacement amplitudes of 3 inches. At a displacement level of 8 inches
inclined cracks began to appear on the face of the stub. At higher displacement levels these cracks were evenly
distributed on the stub face. Similar cracks were not observed in Specimen-1.

Because of clearance limitations in the test apparatus, it was necessary at this stage of the test to offset the
specimen by 2 inches in the east direction and before beginning the 10 inch cycles. During longitudinal loading
at this amplitude, a number of bars in the bottom column buckled. The test was terminated before any bars were
able to fracture due to the limited capacity of the gravity loading system.

Hysteretic Response -- Specimen-1

The response of the two stories of Specimen-1 to the different loading conditions is depicted in Fig. 10-13.
These figures display the relations between shear and drift of each story during unidirectional loading in the
transverse and longitudinal directions. As seen from the response curves, nonlinear structural response of both
stories resulting from yield of column longitudinal reinforcement started at a story drift of approximately 1.5%.
The maximum drifts reached are characteristic of the loading direction and the story under consideration.
However, all stories were capable of reaching lateral drifts of 5% without loss of strength.

Comparison of the hysteretic response curves shows that most of the deformation was concentrated in the top
story. This concentration of deformation led to a concentration of damage in the top column plastic hinge.
Failure of the specimen was due to buckling and fracturing of the column longitudinal reinforcement in this
section. This behavior is most evident in the response curves of the transverse loading: 80% of the deformation
in the last excursion occurred in the top story. Even though it did not sustain any damage beyond spalling of
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the cover concrete, the critical section of the bottom column did reach its nominal capacity and was capable of
dissipating hysteretic energy, as seen in Fig. 12 & 13.

The specimen was subjected to three unidirectional loading cycles in each direction. The third cycle occurred
after the specimen was subjected to two cycles of bidirectional loading. The response curves show that the
capacity reached during this third cycle was lower than that reached during the first two cycles. This behavior
apparently is a result of the significant damage incurred on the specimen by bidirectional loading.

Hysteretic Response -- Specimen-2

The hysteretic response curves for Specimen-2 are shown if Fig. 14-17, The increase in column capacity due
to the increase in bar size from the first specimen to the second is evident in the resulting increase in the
maximum lateral load resisted. This increase in lateral load capacity, however, does not result in a significant
change in the ultimate displacement capacity. Even though the column longitudinal reinforcement did not
fracture at this maximum displacement, imminent failure can be attributed to the significant reduction in strength
at the higher displacement levels.

While it is evident in the curves that most of the inelastic deformation of Specimen-1 was concentrated in the
top story, the deformation distribution between the two stories of Specimen-2 varies depending on the loading
condition, In the longitudinal direction, the deformation is evenly distributed between the two stories, with a
slightly larger deformation in the bottom story. The axial load variation in the bottom column, due to overturing
effects during transverse loading, determines whether the nominal capacity of this column is higher or lower
than that of the top column. When the bottom column is weaker than the top column, most of the deformation
concentrates in the bottom story. When the bottom column is stronger than the top one, the deformation
concentrates in the top story.

CONCLUSIONS

Test results have shown that a joint with moderate quantity of reinforcement has the capacity to sustain large
joint shear stress demands without significant distress. The second test has shown that a beam-column joint in
the configuration considered in this case is able to sustain demands greater than the capacity prescribed in the

past.
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DISPLACEMENT-BASED SEISMIC DESIGN CRITERIA
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ABSTRACT

Performance-based seismic design criteria, intended to produce structures thal satisfy specific performance
objectives, are under development by various individuals and organizations. Many of these are evolving
around displacement-based design concepts, which use expecied displacement response of a structure to
gauge performance. Displacement-based seismic design criteria possess the benefit of being relatively
simple and direct in their application in the design process. Limitations of these criteria should be
recognized. Probabilistic approaches should be developed and applied to deal with the uncertainties in
estimating demands and capacities.
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INTRODUCTION

There are no simple, reliable, and fool-proof rules that will produce safe and economical structures all the
time. Earthquakes, and carthquake responses, are complex phenomena depending on uncertain physical
conditions, and gauged by social needs and expectations for which there is no universat standard.
Earthquake occurrence, carthquake characteristics, and structural response characteristics are not
deterministic, and need to be viewed as probabilistic or even chaotic phenomena. Desigas are implemented
by mere humans, and the design product may be altered by natural or human influences throughout the life
of the structure. In the face of these formidable impediments, why, then, displacement-based seismic
design?

There are, in fact, simple reasons why displacement-based seismic design is in many cases a useful and
preferable approach to scismic design. Perhaps most importantly, displacement-based design is an
intelligible tool for achieving a measure of performance in structures constructed at sites prone to earthquake
shaking. Its concepis apply to a range of structure types, from single-story, single-element systems to multi-
story, mixed-element systems. Of equal importance, displacement-based design can be viewed as a naked
tool, one that is s0 simple and direct that its user can see all its beauties and its flaws.
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The object of this paper is to define displacement-based seismic design, to illustrate how it relates to
performance, and to describe its current limitations. Some examples of applications in current codes and
design guidelines are described.

DEFINITION OF DISPLACEMENT-BASED DESIGN

Displacement-based seismic design means simply that the design takes into account the anticipated
earthquake-induced displacements for the design event(s). Whereas conventional code design approaches
focus on design forces, the focus of displacement-based design approaches is displacements. Furthermore,
an emphasis is directed to achieving a realistic, and realistically-conservative, estimate of the displacements.
Several interpretations of the approach have been put forward.

By one interpretation [Sozen; 1981], displacement-based seismic design recognizes that displacement
amplitude, and especially interstory drift amplitude, relates directly to structural and non-structural damage
in yielding systems. Therefore, the designer should use displacement information to select the structural
system that economically will produce reduced displacements by comparison with other competing systems.
This version of displacement-based design does not presume to provide adequately accurate information to
_enable the designer to directly relate the calculated displacements and the structural details. In light of the
uncertainties involved, this limited version of displacement-based design may actually be the most realistic.

By another interpretation [Moehle; 1992], displacements are used first as an aid in selecting the basic
structural system, and then the anticipated displacements are used directly as an aid in proportioning the
structure and selecting details. Wallace and Moehle [1992] show one application of this approach to wall
building design, where it is found that requirements for confined boundary elements relate directly to the
quantity of walls provided in the structural system. In these approaches, the engineering either selects the
details given the expected structural displacements, or selects the structural system to limit the required
details. Priestley [1993] suggests that the engineer first select a target displacement and corresponding
details, and then back-calculate structural characteristics required to achieve the target displacement.
Obviously, these approaches are limited by the quality of information on ground motion and structural
response.

The facu that displacements are the focal point of the design process does not excuse the designer from
considering other aspects. For example, the design should attempt to control the yieiding mechanism in a
yielding structure, so amplitudes of local demands can be controlled, and so details can be apportioned to the
critical regions. Therefore, elements of capacity are directly applicable in a displacement-based design
approach.

DISPLACEMENTS AND PERFORMANCE

Performance of a structure following an earthquake typically is gauged by whether it posed a significant
life-safety threat, and if it did not, by how much it will cost and how long it will take to return it to service.
Because these parameters generally relate to specific levels of damage, a damage indicator is a critical
component of performance based design. For seismic design, implemented by engineers with limited
resources, the indicator should be simply defined. Obvious choices are force or displacement amplitude,

Damage in a yielding structure usuatly can be related more direcily to displacement (distortion) than to force
or stress. An obvious example on the material level is a steel coupon subjected to direct tension. During a
tension test, fracture occurs when the engineering tension strain reaches a characleristic value. Although
there exists a corresponding engineering stress level to which failure can be related, the fact that the material
is yielding means that strain is 2 more discerning measure. Similar relations exist for structural components.
Practical examples relating damage to deformation include failure of confined concrete at large strain limits,
cracking of masonry panels under in-plane loading, and damage to non-structural components under in-

lane racking.
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Degradation of component strength, and consequent failure
modes, also may be related to deformations. An example is
provided by the relations in Figure 1 [ATC-6-2; 1983], where it
is suggested that shear strength of a reinforced concrete column
is directly related to the component deformation demand.
Lehman, et al. [1996] present experimental data in support of
the relation shown in Figure .

Design approaches based on anticipated ductility demands,
rather than actual deformations, have been proposed [e.g., Park;
1986]. These approaches have many advantages. However,
they ail in some important aspects. Importantly, it has been
reported that displacement at first yield cannot be accurately
determined for actual structural components, with typical errors
being on the order of plus or minus 50% [e.g., Sozen, et al.;
1992]. It follows that deformation ductility capacity (equal to
the ratio of deformation capacity to yield deformation) as a
measure of performance is problematic.

Displacement-based approaches hold some distinct advantages
for seismic evaluation and rehabilitation of older existing
construction where there may exist a mixture of old and new
components having widely different stiffness, strength, and
deformation capacity, Figure 2 illustrates an idealized problem,
where it is determined that an existing structure (Figure 2a) has
inadequate deformation capacity (Figure 2c¢) for the design
deformation demands (Figure 2d). By introducing a new
bracing system of high stiffness and deformation capacity
(Figure 2b), it is possible to improve the overall performance of
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Figure I - Relation berween shear
strength and displacement ductility
demand. Case A indicates shear
Jailure without flexural ductility.
Case B indicates shear failure after
flexural ductility. Case C indicates
flexural ducrility without shear
failure.

the system (see Figures 2¢ and 2d). By viewing the problem through a displacement perspective, the
solution is plainly visible. If a traditional strength based approach was used, the designer would be faced
with the circuitous path of determining the required strength to limit ductility demands in a mixed system,
and deformation compatibility would have to be checked to ensure that the exisling components were not
deformed beyond their capacities. In cases such as these, a displacement-based approach is more simpie,

more direct, and more effective.
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Figure 2 - llustration of displacement concepts applied to seismic rehabilitation of an existing frame
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In promoting displacement-based design, one must not deny its limitations. For some components,
including building contents, damage can be more directly related to inertial forces (that is, the products of
mass and acceleration). In design for low-intensity earthquakes, it may be more practical to keep a structure
essentially elastic, in which case strength becomes a more discerning parameter for design. In any structure,
it is well-established that damage is a cumulative process; therefore, a structure that sustains a given
maximum drift is likely to be more damaged by a long duration event than by a short one. Some of these
basic limitations are characterized in the following section.

LIMITATIONS OF DISPLACEMENT-BASED DESIGN

Performance-based seismic design has as one of its goals to produce structures of more predictable
performance. The approach can be organized around the theme of performtance objectives, which can be
defined as the combination of a performance level (e.g., immediate occupancy, life safety, collapse
prevention) and an earthquake demand with a specified probability of exceedance (or return period) [ATC-
33; 1995]. Limitations exist with regard to estimating earthquake displacement demands (including ground
motions and displacement estimations) and performance levels.

Displacement Demand Estimation

To estimate displacement demands, one must define the design ground motion{s} and the effects on the
subject structure.

Design Ground Motion. Design motions should be consistent with the expected performance levels. For
new building design, it may well be inappropriate to pair a ground motion having 10 percent probability of
exceedance in 50 years with a deformation measure corresponding to structural collapse. Similarly, it may
be uneconomical to pair a 2%-in-50-yr ground motion with a deformation measure corresponding to
partition cracking.

It is easy to lose sight of the conspicuous statements of the preceding paragraph when attempting to
implement displacement-based design concepts in existing design codes. A tangible example is found in the
provisions for shear wall confincd boundary elements of the 1994 Uniform Building Code [UBC; 1994].
According to these provisions, confined boundary elements are required only if compression strains,
calculated for the code toading, excecd

the strain corresponding to crushing

strain of concrete. For many sites in

California, the event represented by

this code loading has a probability of

exceedance of around 10% in 50 years. ~ *[7 T T F T T TTTTITT TTTTT
Other reasonably credible events have | TTTTITT et e e e
spectral ordinates significantly larger = TUTT e e 1en
than this code loading. For example, g 2F | \ /) —— i e |
response spectra for the 1994 Y L O
Northridge earthquake, a moderate 5 '?k’ \ )
event by most measures, exceeded the 3 i RN ]
UBC code loading by a considerable & ,f e N
margin (Figure 3) [EERI; 1995]. S AR -2 ]
Because loss of a confined boundary T T e e e

° e -r 1 - - PR = P AT H

element may represent a serious threat
to life safety, a lower probability event

than that represented by the code
loading mlght be more appropria[e' Fz'gure 3- Spectral acceleration (5% damped)for the UBC

design spectrum and various California earthquakes.
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An aliernate approach to dealing with uncertainty in the seismic loading has recently been adopted in
provisions of the 1995 ACI Building Code [ACI; 1995]. According to these provisions, gravity columns
(those celumns not considered in design to be part of the lateral force resisting system) are to be checked to
determine if they are likely to develop strength for the design response spectrum (which may be assumed to
be equivalent of the UBC loading). Those that are calculated to reach strength are recognized as requiring
significant ductility capacity, and are required to be detailed as if they were part of a ductile moment
resisting frame. Those that according to calculations do not reach strength for the code loading are allowed
10 contain less stringent details, but the details still must allow for some ductility capacity (e.g., shear failure
must be avoided for loads corresponding to flexural plastic hinging). Implicit in this provision is the
understanding that life-threatening demands well in excess of the code loading are reasonably credible.

Other proposals are available. For example, the ATC-32 report [1996] recommends to use mean response
spectra for ordinary structures, and 1.5 times the mean spectra (effectively mean-plus-one-standard-
deviation spectra) for important structures, and for all structures an implicit margin is provided between
calculated demands and expected capacities. As another example, the draft ATC-33 report [1995}]
recommends to use 10%-in-50-yrs ground motions for the life safety performance objective, and 2%-in-50-
yrs ground motions for the collapse prevention objective (some aspects of near-field effects in western
California are as yet unresolved). These procedures provide simple ways of dealing with the general
uncertainty sufrounding future ground motions.

Estimation of SDOF Displacements. Numerical procedures are required that estimaie structural response
amplitude 10 ground motions. For design, simplified procedures usually are appropriate. Since the 1950°s,
effects have been made to relate response of structures responding non-linearly to that of structures
responding linearly. For example, the equal displacement rule, which states that maximum displacement
amplitudes are equal for nonlinear and linear response of an oscillator with given damping and initial
stiffness, was the product of analog and digital computer studies of the 1960°s [Moehle; 1992]. This
expedient has formed the basis of many design procedures.

Later studies demonstrated that the equal displacement rule was not valid for a range of structural systems.
For example, Sozen and Shimazaki | 1984] and others noted that the relation between displacement
amplitude for nonlinear and linear response depended on characteristics of the ground motion, initial period
of the oscillator, strength of the oscillator, and hysteretic characteristics of the load resistance function.
Statistical studies by Miranda [1996] of bilinear oscillators have clarified the significant scatter associated
with relations between nonlinear and linear response amplitude. These results, coupled with the basic
uncertainty in the loading function, emphasize the need to consider uncertainty as a part of the overall
analysis problem.

These studies do not consider the effects of gravity loads acting through lateral displacements, P-delta
efiects can induce extreme results in otherwise stable systems.

Few codes or design guidelines take {ull advantage of the available technical information on nonlinear
response. For example, the Uniform Building Code [1994] continues to define the design displacement as
three-cighths of the displacement calculated for elastic response. On the other hand, recommendations from
the ATC-32 project for bridge design [ATC; 1996] and from the draft ATC-33 project for building
rehabilitation [ATC; 1995] contain a more realistic representation of expected displacement response; Figure
4 is based on recommendations from the ATC-32 report.

Estimarion of Local Displacements. Beyond estimation of SDOF displacement amplitude, as described
previously, it is important to abtain a good estimate of the local displacements within the structure, For
structures responding nonlinearly, it in general is not adequate to estimate internal displacements using a
linear model. As an example, consider a simple, soil-supported, single-column bridge pier, where inelastic
action is restricted to column flexure near the hase. The total lateral displacement is equal to the sum of the
contributions from the foundation, §, elastic deformations of the column, d_, and inelastic deformations of
the column, 8. If we assume that the elastic displacement contributions from all three components are
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equal, and if we assume that the maximum 8
displacement is equal to twice the yield '
displacement, then the total displacement of
the yielding plastic hinge must be 3,/3 + 6, =
4/35,, where 8, = the yield displacement.
Therefore, the flexural hinge must
accommodate two-thirds of the total
disptacement, rather than one-third as would
be determined from elastic analysis. {(Note
that the flexural hinge displacement ductility is
equal to 4 whereas the system displacement 0
ductility is equal 10 2.)

Disp. Ampl. Factor, R

0.5 1.0 15 2.0

Period Ratio, T/T"
The result of the preceding paragraph is well
known, but is not always applied in Figure 4 - Displacement amplification factors to account
displacement-based design methods because of for nonlinear response. T/T* is the ratio of structure
uncertainties in how inelastic deformations are period to characteristic ground motion period. Zis a
distributed. Nonlinear static analysis has been strength reduction factor.
recommended in some design methodologies
[ATC-32, 1996, ATC-33, 1995]. However,
cven these do not adequately address multi-
degree-of-freedom struciures where apparent
higher mode contributions add to the
uncertainties. General and rigorous
procedures for taking these effects into
account are not currently available. Some
discussion is provided in [Krawinkler; 1996].
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Experimental and analytical research continue 0.00 i ; i
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capacities of structural components. Still, the
available knowledge is incomplete. The user
of displacement-based design concepts should
understand the limitations imposed by cur
incomplete knowledge of displacement
capacity.

Gravity Shear / Nominal Punching Shear

Figure 5 - Displacement capacity of flat-plate
construction as a function of the intensity of the gravity
shear loading.

Direct observation of deformation capacities is one common means of establishing design criteria. An
example is provided by data for deformation capacity of slab-column connections, as shown in Figure 5
[Moehle; 1996). Although a basic relation between deformation capacity and shear (acting transverse (o the
plane of the slab) is identified, no fundamental mechanical model is inferred. To be of general use, telations
of this type must report results for representative connections subjected to representative loading histories.

More general, but still limited, approaches are available for some structural components. For example, for
flexurally-dominated reinforced concrete construction one may invoke empirical models based on cross-
sectional analysis to obtain curvature capacities, combined with procedures for distributing curvature along
the component length. Figure 6 shows the familiar plastic hinge model for a reinforced concrete beam,
column, or wall. This model enables the engineer to calculate deformation capacity for a range of

- geometries. Figure 7 compares measured and calculated deformation capacities for spirally-reinforced

bridge columns, satisfying modern design provisions, tested at the University of California at San Diego
[ATC 32; 1996]. Even though the test specimens satisfied basic conditions for which the predictive model
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was designed, and even though the loading histories all followed a standard routine, there is considerable
scatter in the comparison between theory and test. Variations from this testing theme would certainly
introduce more scatter. Probabilistic approaches seem unavoidable if reasonable measures of performance

are to be obtained.

CONCLUSION

Displacement-based seismic design criteria are simple and direct in representing design parameters that
relate to performance. Approaches are available to estimate both displacement demands and capacities,
although additional developments are nceded. The inherent uncertainty in the design problem is apparent.
Therefore, whereas a stated goal of performance-based seismic design is to produce structures of predictable
performance, only the probabilities associated with achicving a given performance can be stated.
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RESPONSE OF A CONCRETE ARCH DAM IN THE
1994 NORTHRIDGE, CALIFORNIA EARTHQUAKE
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ABSTRACT

The response of Pacoima dam, a 363 ft high arch dam located near Los Angeles, California, to the 1994
Northridge earthquake is studied using the accelerograms recorded in the canyon and on the dam body. The
nonlinear effects due to opening of the contraction joints, lift joints and the dam-foundation interface are
represented in the model. The effects from the spatial variation of the free—field motion in the canyon are also
included. Although a simple assumption is made concerning the spatial distribution of free—field motion,
because of lack of recorded data, the computed response is in reasonable agreement with the accelerations
recorded on the dam body. The concrete stresses in the model are substantially different from those which are
typically computed from an analysis assuming a monolithic dam and uniform free—field canyon motion. The
opening of the joints reduces the arch and cantilever stresses, whereas the non—uniform motion of the canyon
significantly increases these stresses. The pseudo—static response to the non—uniform input motion is the
major cause of large concrete stresses, particularly near the abutments.

KEYWORDS

Dam; arch dam; concrete; joints; finite element; nonlinear analysis; non—uniform ground motion.

INTRODUCTION

Concrete arch dams are constructed as cantilever monoliths separated by contraction joints. The joints cannot
transfer substantial tensile arch stresses, so they may open and close as the dam vibrates in response to
earthquake ground motion. The opening of contraction joints and the transfer of loads from arch action to
cantilever action may result in the opening of lift joints or horizontal cracking of the concrete. For seismic
safety evaluation, however, an arch dam is often analyzed as a linear monolithic structure and resort is made to
ad hoc interpretation of the tensile arch and cantilever stresses predicted by a linear analysis.

The earthquake response of an arch dam is further complicated by dam-water and dam—foundation interaction
effects, which are included in an analysis using procedures of varying accuracy. Generally, the free—field
motion along the dam-foundation interface is assumed to be uniform. The spatial variation of the free—field
motion is disregarded due to lack of data on the actual free—field motion of canyons. A theoretical study of
plane wave cases was performed by Nowak and Hall (1990).

Analytical as well as experimental studies on the effects of contraction joint opening have been conducted in
recent years. However, there has been no evidence of contraction joint opening in a dam during an earthquake

147



untl January 1994 when Pacoima dam was subjected to the Northridge earthquake. The vertical contraction
joints in the dam opened during the earthquake, as evidenced by their subsequent clean appearance. After the
earthquake, they closed under static loads, except for the lefi-most joint which had a permanent opening of up
1o two inches because the thrust block slid downstream. Minor cracking of concrete and block offsets in
horizontal and vertical directions also occurred in parts of the dam body.

The response of Pacoima dam in the Northridge earthquake was recorded by a network of California Division
of Mines and Geology (CDMG) accelerometers (CSMIP, 1994). The peak accelerations of 1.6 gand 1.2 g, at
the left abutment in the horizontal and vertical directions, respectively, are among the largest ever measured
during an earthquake. The strong motion accelerograms provide a unique opportunity to examine the
contraction joint behavior in an arch dam subjected to a large earthquake. In addition, the limited processed
records from the canyon can be used to study the effects of spatial variation of the input motion on the dam
response. This paper presents the results of earthquake analyses of Pacoima dam to investigate the effects of
opening of the vertical and horizontal joints and the spatial variation of the input motion.

RESPONSE OF PACOIMA DAM TO NORTHRIDGE EARTHQUAKE

Pacoima dam, with a 365 ft height and 589 ft crest length, is a flood control arch dam located 4.5 miles
northeast of San Fernando, California. The thickness of the crown section varies from 10.4 ft at the crest to
99 ft at the base (Fig. 1). Uniformly spaced contraction joints with 12 in. deep beveled keys divide the dam
into eleven cantilevers. The left abutment is supported by a concrete thrust block through a 60 ft tall joint. The
dam was subjected to severe shaking by the Mg=6.8 magnitude 1994 Northridge earthquake, with the
epicenter 11 miles from the dam. The reservoir level was 233 ft above the base (about two-thirds full).

Over-stressing of the dam occurred during the earthquake, as indicated by cracks and permanent movements
of the concrete blocks. Most of the damage, however, can be attributed to the movement of the thrust block
due 10 a failure in the supporting foundation rock. The contraction joint between the dam and the thrust block
opened and remained open after the earthquake: about 2 in. at the crest and 1/4 in. at the bottom. Some
permanent differential movement in the vertical direction also occurred at the joint, with the thrust block lower
with respect to the dam. A large diagonal crack occurred in the thrust block near the bottom of the thrust block
joint. The dam body suffered less damage. A fine diagonal crack opened near the base of the thrust block. A
permanent horizontal offset of 3/8 in. to 1/2 in. occurred along the horizontal joint at 48 ft below the crest, with
the top block shifting downstream relative to the bottom block. Permanent vertical offsets occurred along
most of the joints, with the right block remaining lower relative to the left block. Opening of the contraction
joints during the earthquake was indicated by their clean appearance after the earthquake.

The accelerations of the dam and the canyon were recorded by a network of CDMG strong motion
accelerometers. The locations of the accelerometers on the dam are shown in Fig. 1. CDMG could not
digitize and process all the records because large acceleration peaks, which exceeded the range of instruments,
were intertwined on the film. Processed records are available for two locations in the canyon, one at the
downstream and the other 50 ft above the left abutment, and channels 8 to 11 on the dam.

The peak accelerations recorded in the canyon were 0.43 g and 1.58 g for the downstream and the upper left
abutment (ULA) instruments, respectively, indicating the amplification of ground motion by the canyon
topography. The stream component of these motions are shown in Fig. 2. with the radial acceleration
recorded at base. Channel 8 recorded the radial acceleration, with a peak of 1.31 g, at the left quarter point at
80% height of the dam. Figure 3 shows the radial accelerations of the dam at three different elevations, the
base, 80% height and the crest. The partially digitized but unprocessed acceleration records from the crest of
crown section are plotted in Fig. 4.
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Fig.1  Pacoima dam showing channels of accelerometers.

FINITE ELEMENT MODEL, INPUT, AND ANALYSIS

The finite element computer program ADAP-88, developed at the University of California, Berkeley,
(Fenves, Mojtahedi ef al., 1989; Fenves, Mojtahedi et al., 1992) was used for the earthquake analysis of
Pacoima dam. The program has been verified by a shaking table test of a 1:300 scale model of an arch dam
{Chen and Li, 1994). Standard 3-D solid elements are used to model the concrete arch and the foundation
rock. Nonlinear joint elements simulate opening—closing of the contraction joints, lift joints, and the dam-
foundation interface. Spatially non—uniform seismic input, can be specified through displacement histories at
the dam—foundation interface (Mojtahedi and Tseng, 1994).

Input Motion

Two types of earthquake analysis were performed which differed in the specification of the free—field motion
at the dam-foundation interface. The first type used a uniform free-field motion, whereas non-uniform free—
field motion was considered in the second type. The free-field motions for both cases were derived from the
motions recorded in the canyon during the Northridge earthquake. For determining the non-uniform free—
field motion, it was not possible to separate dam—foundation interaction effects from the spatial variation of
the canyon motion. Hence, those dam—foundation effects were neglected and the recorded motion at the
interface was assumed to be the free—field motion.

Due to the profound difficulties in determining the motion of canyon and also lack of sufficient acceleration
records form the earthquake, a simple approach was adopted for specification of the non—uniform free—field
motion. The same motion was specified for the right and the left abutments. The ULA and the dam base
records were specified for the crest and the base of the dam, respectively. The motion at intermediate
elevations was computed by linear interpolation from these records. The acceleration histories corresponding
to the assumed input motion variation are shown in Fig. 5 for different elevations of the model.
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dam. Zero acceleration is given for gaps

in digitization of Channel 5.

Model

A total of 588 eight-—node 3-D elements model the dam body. Three joint elements and 3-D solid elements
were used through the thickness. Slippage of the joints was not allowed in the model. This assumption is
valid for the keyed contraction joints, but may not be true for the horizontal joints, as discussed later. Zero
tensile strength was assumed for the joints.

The number of contraction joints and lift joints in the dam model was selected from trial analyses. Of the
twelve vertical joints in the dam, only five were included in the model. In addition, five horizontal joints, at
50, 97, 135, 202, and 282 ft above the base, were included to represent lift joints. Each horizontal joint spans
an entire horizontal section between the right and left abutments. The material properties used for concrete
were obtained from 2 previous study of the dam: modulus of elasticity = 2400 ksi, Poisson’s ratio=0.20,
based on testing of core samples of concrete.

A foundation rock region with a depth approximately equal to the height of the dam was included in the model
to account for dam—foundation interaction effects. Although the foundation rock geometry and material
properties are complicated, a prismatic shape was assumed for the canyon using a coarse mesh of the
foundation rock region with 220 3-D solid elements. The material properties for the foundation rock were
obtained from the previous studies: modulus of elasticity=2000 ksi, Poisson’s ratio=0.20. To suppress the
propagation of seismic waves, the foundation rock was assumed to be massless. For analysis with uniform
free—field motion, the acceleration was specified at the rigid base of the foundation model. For analyses with
non—uniform free—field motion, the displacement was specified at the nodes on the dam—foundation interface.

The first natural frequency computed for the dam using these properties, with the 233 ft reservoir level, was
4,3 Hz with an essentially anti-symmetric mode shape. To confirm the selected properties, the
transmissibility function was computed for the radial motions recorded at the base and channel 8. The

- fundamental frequency of the dam from the peaks of transmissibility function was 4.0 Hz which, considering
the limited processed data, is in reasonable agreement with the model frequency.

Rayleigh damping was assumed for the dam—foundation system with parameters selected to produce 10%
damping at 5 Hz and 20 Hz. The assumed damping is relatively high, but is justified considering that
radiation damping in the massless foundation is not explicitty included in the model.
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The solution procedure in ADAP-88 is based on a time integration of the nonlinear equations of motion. The
hydrodynamic pressures acting on the dam is represented by an added mass matrix neglecting compressibility
of water (Kuo, 1982). For computing the added mass, the reservoir is assumed to be bounded by a
cylindrical surface obtained by translating the dam-reservoir interface in the upstream direction.

To account for effects of static stresses on opening of the joints, the seismic analysis was preceded by the
static analyses for hydrostatic and gravity loads. The vertical joint elements were omitted in the gravity load
analysis to account for the independent behavior of the cantilever monoliths. The hydrostatic load was applied
to the entire model, including all of the joint elements.

SEISMIC RESPONSE OF PACOIMA DAM
Amplification Effects of Canyon Topography

The amplification of seismic waves in the canyon was indicated by variation in the acceleration amplitudes
recorded at the downstream, base, and upper left abutment (Fig. 2). To assess the effects of the ground
motion input on the response of the dam, two cases were analyzed with all joints closed. Following previous
studies of the dam (Dowling and Hall, 1989), two-thirds of the ULA motion was considered as the average
motion of the canyon and was specified as uniform input motion for the first case. The previously described
non—uniform free—field motion was used for the second case.

The recorded and computed accelerations for channel 8 are shown in Fig. 6. The accelerations computed for
the two closed joint cases differ in amplitude and phase. The case with non—uniform input agrees better with
the recorded acceleration than does the uniform input case. However, the response computed for both cases
contain a large amplitude cycle which is not present in the recorded motion. The overestimation of the
vibration is most likely caused by the lack of radiation damping in the model. The sliding of the foundation
rock mass near the left abutment, not accounted for in the medel, may also be responsible for the discrepancy.

Figure 7 shows the envelopes of the maximum tensile arch and cantilever stresses at the downstream face,
viewed looking downstream. (Observations for upstream face stresses are similar.) The contours are
different in distribution and magnitude for the two closed joint cases. For uniform input motion, the peak arch
and cantilever stresses are 900 psi and 400 psi, respectively. The peak stress for the non~uniform case are
more than three times larger.
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Fig. 6 Comparison of recorded acceleration for channel 8 (dashed line) with computed
acceleration (solid line) at the same location.

Opening of Comtraction Joints

To examine the effects of contraction joints, as well as opening at the dam—foundation interface due to tensile
stresses, the analysis with non-uniform input motion was repeated with these joints allowed to open. From
the channel 8 acceleration comparison in Fig. 6, the agreement between computed and recorded acceleration
improves significantly when the joints are allowed to open. However, the computed response again contains
spikes not present in the recorded motion for the reasons mentioned previously.

When contraction joints are allowed to open, the peak downstream arch stress reduces to 1000 psi from 3400
psi and the peak cantilever stress increases to 1800 psi from 1400 psi. The maximum opening of the
contraction joints is 4 in. Significant opening, however, occurs at the base of joint, in contrast with the case of
uniform input. The upstream and downstream openings are in—phase for each joint indicating complete
separation of the vertical joint. The opening of the right—most joint is almost entirely due to the pseudo—static
response caused by the relative displacement along the foundation interface.

Effects of Lift Joints

The cantilever stresses computed for the case with contraction joint opening exceed the tensile strength of
concrete and the lift joints. To account for the opening of lift joints, the dam was analyzed with all vertical,
horizontal and abutment joints allowed to open, and considering the non—uniform input motion. In view of
the permanent opening of the thrust block joint, tangential stiffness of the joint was omitted. The last history
in Fig. 6 for non-uniform input and all joints open shows the best comparison between the computed and
recorded acceleration at channel 8.

The opening of lift joints releases the cantilever stresses, as seen from contours in Fig. 7. The maximum
cantilever stress of downstream face reduces to 1000 psi from 1800 psi for lift joints assumed closed.
Significant opening occurs at the top lift joint with a maximum value of 2.6 in. at the base of thrust block on
downstream face. The opening for all other locations is less than 0.5 in. Complete separation through the
thickness occurs at a number of locations.
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Fig.7 Envelopes of maximum tensile stress on downstream face (in psi).
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Pseudo—static Response

For a better understanding of the response to non—uniform input motion, the seismic response to the non—
uniform input motien was computed with all joints prevented from opening and the inertial effects omitted, to
compute the pseudo—static response of the monolithic model. From contour plots of the maximum stress in
Fig. 7, the peak stresses associated with the pseudo-static response are largest near the abutments with
relatively small stresses in the central portion of the dam. The peak stresses near the abutments are similar to
the corresponding stresses which are shown in the same figure for the total dynamic response computed with
all joints assumed closed. For the assumed non-uniform input motion the pseudo—static response is
significant and the contribution from the vibration in total response is limited to the upper center of the dam.

CONCLUSIONS

Seismic analysis of Pacoima dam using the processed strong motion records from the 1994 Northridge
earthquake shows that amplification of seismic waves due to canyon topography has important effects on the
response of the dam. An analysis with uniform input motion underestimates the stresses, particularly near the
abutments. The stresses are dominated by the pseudo-static response caused by relative displacements of the
non-uniform free-field motion. The contribution of dam vibration to the stresses is smaller.

A finite element procedure incorporating discrete joint elements for representation of the discontinuities of the
dam can simulate the actual response of the dam. According to the model, the maximum joint opening is 4
in. for the contraction joints and 2.6 in. for the lift joints. In view of the opening of the lift joints, the seismic
analysis procedure can be improved by including slippage of the open joints. The dam response is over-
estimated unless the loss of energy due to the radiation damping is accounted for.
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BEHAVIOR OF LARGE STEEL BEAM-COLUMN CONNECTIONS
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ABSTRACT

A surprisingly large number of beam-to-column connections in steel frame buildings suffered brittle failure
during the 1994 Northridge earthquake. A large scale testing program was initiated by the SAC Joint Venture
to evaluate the seismic worthiness and propose repairs for existing connections, and to establish design
guidelines for new steel construction. Three full-scale beam-column connections were tested at the Unijversity
of California at Berkeley within the SAC Joint Venture. The specimens were nominally identical models of
typical exterior beam-column connections found in modem steel moment resisting frame buildings. All
specimens were detailed according to the industry standards and procedures in use before the Northridge
earthquake, and manufactured simulating field conditions.

Testing consisted of subjecting the specimens to cyclic quasi-static loading. All three connections fractured
suddenly. Serious fractures of the column entire flange, sometimes observed during Northridge, were
reproduced in two specimens. The third specimen failed due to the weld fracture on the beam bottom flange.
The three specimens were repaired according to current repair procedures, and tested again using an identical
loading protocol. All three repaired connections showed a somewhat improved behavior compared with the
original specimens. Their mode of failure, however, was also a non-ductile, sudden fracture.

KEYWORDS

Steel connections, steel moment frames, seismic behavior, welded connections, structural repair.

INTRODUCTION

Before the Northridge earthquake of January 17, 1994, steel moment-resisting frames were considered to be
the reliable systems for seismic resistant construction. After observing extensive fractures in beam-to-column
connections during this earthquake, their relaibility is now guestioned. In responce to this concemn, the SAC
Joint Venture (Structural Engineers Association of California, Applied Technology Council, and the
California Universities for Research in Earthquake Engineering) implemented a comprehensive program to
develop improved professional practices and recommend standards for the repair, design and retrofit of the
moment resisting frame buildings so that they would provide reliable, cost-effective seismic performance in
future earthquakes.

As part of the experimental research effort of the SAC Steel Program, a set of large-scale external beam-to-
column connections, constructed following the pre-Northridge practice, was tested at the Department of Civil
and Environmental Engineering of the University of California at Berkeley. The main goals of these tests were
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to study the seismic response of the standard connections, and to verify the adequacy of current repair
methods. This paper briefly presents the main findings of this experimental program. Detailed results are
given in the final SAC report (Popov et al., 1996).

SPECIMENS, TEST SETUP & INSTRUMENTATION

Three nominally identical full scale models of a typical beam-to-column connection, labeled as PN1, PN2, and
PN3 (for Pre-Northridge), were manufactured by a local fabricating company. The details of the connection,
the weld specifications, and the erection procedures closely resembled the industry standards in use before the
Northridge earthquake. Figure 1 shows specimen geometry and connection details. All columns were
fabricated with A572-Gr. 50 steel. Although it was specified that all beams should be fabricated with A36
steel, the beams of PN1 and PN2 were built from A572-Gr. 50 steel; only PN3 had a beam made of A36
steel. This construction error caused the geometrically identical specimens to have different strength
characteristics, since the beams of PN1 and PN2 were considerably stronger than the beam of PN3.

Table 1. Material Properties

Yield Strength F, (ksi) Ultimate Strength F, (ksi)
Specimen Shape & Steel AISC Mill Coupon AISC Mill  Coupen
All Columns W14x257, A572-Gr 50 50.0 535 48.3 650 725 67.8
PN1 & PN2 Beam  W36x150, A572-Gr 50 500 626  60.6 65.0 747 68.6
PN3 Beam W36x150, A36 360 568 403 500 403 57.4
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Fig. 1. Specimen dimensions and connection details

The tests were conducted in the Structural Engineering Laboratory of the University of California at Berkeley.
The test setup, shown in Fig. 2, was designed to test the specimens in a horizontal position. The support
system consisted of three reinforced concrete reaction blocks fixed to the test floor with high strength rods.
Both ends of the columns were tightened against the reaction blocks by prestressed steel rods. Load was
applied to the cantilever beam end by a servo-hydraulic actuator through a clevis bolted to the beam end plate.
To prevent out of plane motion of the beam, a horizontal bracing system was provided near the beam end.

156



+—134 1/2"

N
Specimen
4 1/2
Load 138
Cell
Hydraulic
Actuator ~
16 inches
+ 350kips
oo o Reaction
o o o)~ Block
© o o '

Fig. 2. Test setup

Linear potentiometers were used to measure global behavior: beam end deflection, joint rotation, and panel
zone shear deformation. Strain gages and rosettes were glued at critical locations to measure the local
response. The applied load was monitored with a load cell attached to the actuator. All instruments were
connected to a computer-based data acquisition and control system used to send the displacement command
signal to the servohydraulic actuator and to acquire the instrumental readings at programmed times.

All testing was performed under displacement control, following a protocol based on ATC-24 (ATC, 1994).
The actuator displacement loading history consisted of a series of cyclic displacements with increasing
amplitude, as shown in Fig. 3. The reference displacement of 1 inch corresponds to the estimated beam end
yield deflection. Specimens were painted with white-wash prior to testing, to be able to observe yielding in the
areas where the mill scale flakes off.

Load . Peak Number
- 5 Ste Displacement of
$ P linch) Cycles
S s 2 1 0.10 2
% 62 2 0.25 3
c g gzzrﬁ— 3 0.50 3
: m=ovﬁ%nvl\hi\ Y N -
g i '
o 6 2.00 3
3 V V 7 3.00 3
8 4.00 2
9 5.00 2
10 6.00 n

Fig. 3. Loading History

SPECIMEN 1 TEST

PN1 behaved elastically up to and during the 1-inch cycles. During the 2-inch cycles the white-wash spalled
due to yielding in both beam flanges, in the column flanges and in the panel zone. PN1 sustained the first 3-
inch load cycle, with a maximum force of 223 kips, and a peak displacement of 2.57 inches. This discrepancy
with the target displacement of 3 inches, observed consistently throughout the testing of all specimens, was
due 1o slippage of the clevis connection.. The specimen failed suddenly (and very loudly) during the first leg of
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the second 3-inch load cycle. The failure load and displacement were 206 kips and 1.62 inches, respectively.
One of the column flanges fractured completely, and the crack propagated into the column web, as illustrated
in Fig. 4a. This mode of failure was unexpected; analysis predicted failure in the A36 steel beam. Some
investigation revealed that the beam was built from Grade 50 steel instead of A36. This error was, in a way,
fortunate, because this was the first test where this type of column failure, observed during the Northridge
earthquake, was reproduced in the laboratory.

The repair procedure consisted of removing the cracked portions of the column flange and web, and welding
a new piece made of a Gr. 50, W14 x 257 section. A beam flange splice plate was used to reconnect the beam
bottom flange to the repaired column flange and new continuity plates were provided. A beam web doubler
plate was welded to the column flange and beam web on the side opposite to the shear tab, Fig. 4b shows a
sketch of the repair scheme.

The specimen, now labeled RN1, was retested. Nonlinear response started with the 2-inch cycles. During the
3-inch sequence, significant spalling of the white-wash was observed at the top beam flange and bottom
splice plate, at the back column flange, and in the panel zone. RN1 sustained the positive excursion of the first
4-inch cycle with a peak load of 260 kips and 3.54 inch displacement. The specimen failed during the
negative excursion of that cycle with a complete fracture of the top flange weld, as shown in Fig. 4c.

W14x287
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' b) TOP FLANGE
a)

O) WELD CRACK

Fig 4. Specimen 1 -- Damage, repair, and damage of repaired connection

SPECIMEN 2 TEST

As with PN1, nonlinear response started during the 2-inch cycles. Spalling of the white-wash indicated
significant yielding in the panel zone. PN2 failed suddenly during the first leg of the second 2-inch load cycle
at 195 kips load and 1.57 inch displacement. The cracking pattern is sketched in Fig. 5a. Cracking started in
the beam bottom flange weld, continued diagonally through the column flange, and entered the panel zone,
where it extended upwards along the column flange. This column failure was also due to having the beam
mistakenly constructed with Grade 50 steel instead of the specified A36 steel.

Since PN1 and PN2 had similar column failure modes, it was decided to incorporate an improved retrofit
scheme by adding a haunch. Damaged portions of the beam and column were removed and replaced with
new Grade 50 material. A new A36 plate was used to reconnect the beam bottom flange, and a beam web
doubler plate was welded to the column and beam. A tapered haunch made of Grade 50 plate was placed
underneath the beam bottom flange. Siiffeners were added to the beam and the column. Figure 5b
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summarizes the repair procedure. The haunch and stiffeners were initially fabricated and installed with wrong
dimensions and it was necessary to remove them and fabricate and install new material.

The repaired and retrofitted specimen, RN2, was able to sustain load up to the 4-inch cycles. First spalling of
the white-wash was noted on the bottom beam flange, near the haunch, at the beginning of the 2-inch cycles.
Yielding occurred later in the beam top flange, in the column back flange, and in the panel zone. The
specimen failed during the first excursion of the first 5-inch cycle. A crack started at the edge of the beam
bottom flange between the haunch end and beam stiffener and propagated along the haunch edge up to the
beam web, where it branched in two, as shown in Fig. 5c.
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Fig. 5. Specimen 2 -- Damage, repair, and damage of repaired connection

SPECIMEN 3 TEST

PN3 held up to the first 3-inch cycle. Yielding was significant on the beam flanges. The maximum force was
equal to 190 kips and the beam end displacement reached during this cycle was 2.67 inches. The specimen
failed during the first leg of the second 3-inch load cycle. The bottom beam flange cracked through the weld.
Later, some bolts sheared off and the shear tab broke. Loading was continued to finish the cycle. During the
negative excursion of the cycle, the beam top flange cracked through approximately 3/4 of its width. This type
of beam fracture was expected for all three PN specimens, and occurred only with PN3 which beam was
constructed from the correct material, A36 steel. The failure of the specimen is illustrated in Fig. 6a.

The repair of PN3 was achived by gouging out the cracked welds and placing new complete penetration welds
at both flanges. All remaining bolts and the cracked shear plate were removed. A new shear plate was
welded on the opposite side from the removed old one. Figure 6b shows the repair details.

The repaired specimen, RN3, withstood up to he first 4-inch cycle. Yielding started during the first 2-inch
cycle on the beam flanges and on the beam web. After completion of the first 4-inch cycle considerable white-
wash spalling could be observed on both beam flanges and beam web and in the panel zone area. The
maximum force was equal to 225 kips at the beam end displacement of 3.60 inches.. The specimen failed
during the first excursion of the second 4-inch cycle at 196 kips load and 1.48 inch beam end displacement.
First crack started at the edge of the beam bottom flange and propagated through the entire flange with a
short branch near the flange axis, as shown in Fig. 6¢.
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EVALUATION OF EXPERIMENTAL RESPONSE

Table 2 shows peak values of various response quantities obtained for Pre-Northridge and repair specimens
in this test program. Stiffness values correspond to the applied load versus the beam end displacement. Yield
values correspond to the event where there is a sudden increase of energy dissipation through plastic work
(Popov et al., 1996). Connection rotation was defined as beam end displacement divided by beam clear length.
Energy refers to the total plastic work developed by the specimen up to failure.

Table 2. Summary of Experimental Response

Specimen PN1 RNl A% PN2 RN2 A% PN3 RN3 A%
Elastic Stiff. (k/in) 151 166 10% 152 183 20% 146 136  -7%
Yield Load (kip) 136 179 32% 130 159 22% 137 136 1%
Yield Displ. (in) 090 1.08 20% 0.86 Q.87 1% 0.94 1.00 6%
Max. Load (kip) 223 260 17% 195 319 64% 198 225 14%
Peak. Displ. (in) 257 354 38% 162 4.02 148% 2.67 3.60 35%
Plastic Rot. (%) 0.88 155 76% 034 177 420% 1.07 1.61 50%
Energy (k-ft) 140 370 164% 40 620 1450% 200 420 110%

The hysteretic response of the specimens can be visualized in Figs. 7 and 8, which provide force versus beam
end displacement plots and moment at column face versus plastic rotation plots, respectively. The response of
the repaired specimens is shown in the second row.

Clearly, the repair technigues evaluated were successful, in the sense that the repaired specimens were
stronger and had significantly better energy dissipation characteristics than the Pre-Northridge connections.
The most dramatic improvement was obtained for specimen PN2, which was retrofitted with a haunch. RN1
and RN2 were also stiffer than PN1 and PN2 due to the beam/column joint repair. The reweld repair used for
PN3 produced a somewhat softer specimen, with improved strength and ductility. It is important to note,
however, that the failure mode of all three repaired specimens was abrupt and without previous warning.
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CONCLUSIONS

From the behavior observed during the tests and the results presented above, the following conclusions can
be drawn:

1. The pre-Northridge connections showed a very poor response to cyclic loads. They had low capacity for
energy dissipation and failed in a brittle, abrupt mode, without warning. '
2. The repaired schemes studied here were moderately successful. The repaired specimens were stronger,
more ductile, and had better energy dissipation characteristics than the original ones.
3. The failures of the repaired specimens were, however, sudden resulting in brittle fractures. This is a highly
objectionable characteristic for structures in seismic zones.
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ABSTRACT

The nonlinear effects in the earthquake response of two-level viaduct type bridges are investigated. The
nonlinear response is due to the hinge opening and pounding between adjacent frames, tension only cable
restrainers, compression only abutments, and plastic hinge formation in the columns. The linear and
nonlinear dynamic analyses of typical multiple—frame viaducts are performed using “stick™ models for a
range of parameters for a typical viaduct. The study shows that it may be necessary to perform nonlincar
analysis to determine the effects of hinge opening and closing on the ductility demands. Large hinge openings
increase the displacement of interior frames of the viaduct with abutments compared with the case of closed
hinges. Considering variable site response effects along a bridge, there can be significant amplification of the
frame on stiff soil because of the pounding from an adjacent frame on soft soil. The non-uniform ground
motion generally increases the out—of—phase response between the adjacent frames. A large number of
restrainers is needed to limit the hinge opening between frames to the yield displacement of the restrainers.

KEYWORDS

Viaduct; bridge; restrainers; hinge opening; nonlinear response.

INTRODUCTION

The damage and collapse of two-level viaducts in the 1989 Loma Prieta earthquake have prompted intensive
examination of the seismic response and performance of these important components of the transportation
system. These type of long structures are particularly vulnerable to ground motion in the longitudinal
direction because of the problematic longitudinal framing system, although the response due to transverse
motion is also important, The opening and closing of hinges during an earthquake produces discontinuities
which change the load paths in the structure, and hence change the system response. Cable restrainers are
provided to restore some continuity between adjacent frames, but they exhibit nonlinear behavior because they
can only resist tension and may yield. The abutments are only effective in resisting compression. The
yielding of structural members in a viaduct changes the kinematics and internal force distribution, assuming
non—ductile failure modes such as shear and joint failure are prevented by proper design. This study examines
all these effects to provide the insight for performing earthquake evaluation of two-level viaducts. The study
also presents the earthquake response due to the effects of varying site ground motions for a long viaduct.

* SOH & Associates, San Francisco, CA 94107.
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Three—dimensional elastic and two—dimensional inelastic models are used to understand the system response
due to the ground motion in the longitudinal direction. One of the goals of the study is to compare the
nonlinear response of the viaducts with the approximate elastic response.

MODELS OF VIADUCT AND ANALYSIS METHODS

The structure selected for this study is representative of a typical pre-1970 construction for a two—level
reinforced concrete viaduct with two—column bents. The viaduct has four 270 ft long frames of three bents
each. These frames are separated by hinges at the upper and the lower levels. More recent viaducts have
hinges further apart. The hinges in this viaduct are connected by cable restrainers 3/4 in. diameter, 20 ft long.
The viaduct with abutments used in this study has stiff abutments at the lower level and soft abutments at the
upper level. The stiff abutment is representative of the typical construction and soil conditions and the soft
abutment is representative of the stiffness of a single-level frame of three spans.

The models used in the study have beam elements for bent caps and box girders and beam—column elements
for the columns. The shear capacity of the column is assumed to be greater than the shear demands for the
purpose of investigating flexural ductility demands. The models do not account for the failure mode due 1o
large torques in the short outriggers and the swength degradation due to cyclic loading.

The SADSAP computer program (Wilson, 1991) is used in this study for the earthquake analyses of elastic
models of the viaduct. A three—dimensional stick model with linear frame elements, shown in Fig. 1,
includes local nonlinearities due to the opening and closing of hinges and seats at the abutments. The gross
moments of inertia and torsional moment of inertia are multiplied by a factor of 0.60 to approximate the
cracked section properties. Corresponding to the gravity axial load of 1,350 kips per column, the moment
capacity of the column is 13,300 kip—ft. Based on this flexural strength, the columns at the lower-level yield
when the shear force is 700 kips. Each hinge in the box—girder is modeled by two gap elements. The
abumments and restrainers are modeled as compression-only and tension—only elements, respectively but these
elements remain elastic. The slack in the restrainers is accounted for in the model. The total longitudinal
stiffness of the stiff abutment, obtained using the method described in Chapter 14 of Bridge Design Aids
{Caltrans, 1950), is 62,400 k/ft. Based on the stiffness of a single-level frame of three spans, the soft
abutment has the longitudinal stiffness of 20,000 k/ft.

The DRAIN--2DX computer program (Prakash, Powell, and Filippou, 1992) is used to perform the inelastic
analyses. The two—dimensional model takes advantage of the symmetry of the viaduct along the longitudinal
axis and uses one-half the section properties. The columns are modeled as inelastic elements with
concentrated plastic hinges at the ends. The second order P-A effects are included in the analyses. The
ductility ratios are defined for displacement and section curvature. The ductility ratio for each quantity is
defined as the ratio of its maximum value normalized by the yield value. A static pushover analysis gives
yield displacement of 2.2 in. for a single frame of the viaduct. The moment—curvature relationship for the
columns for static axial load gives the yield curvature of the column as 0.000072 radfin. The maximum
curvature is determined by dividing the maximum plastic rotation at the top of the lower-level column by the
plastic hinge length, which is assumed to be one-half the column depth (36 in.). The secant stiffness of
moment-curvature curve gives an estimated cracked section modulus approximately 60 percent of the gross
section modulus. The nonlinear model accounts for the capacities of the abutments and restrainer yielding.

EARTHQUAKE GROUND MOTION

A ground motion record derived for the location at pier E3 of the San Francisco—Oakland Bay bridge due to a
San Andreas fault event (Bolt, 1992) is used as the stiff soil site motion. This record has peak ground
acceleration of 0.48g. The base motion derived for rock soil site record is filtered through the SHAKE
program to give the ground acceleration for a typical San Francisco soft soil site. This ground motion has a
peak acceleration of 0.54g. The spectra for both the soil site ground motions, shown in Fig. 2, have spectral
accelerations of the order of 2g for a broad range of periods. The vertical component of the ground motion is
not considered as it is expected to have small effect on the response of the viaducts with short outriggers.
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RESPONSE OF VIADUCT SUBJECTED TO UNIFORM GROUND MOTION

The viaduct models analyzed for uniform ground motion are shown in Table 1. As shown in Table 2, the
common assumption of equal elastic and inelastic displacements is rue for the viaducts without abutments. It
must be recognized, however, that the displacement histories are substantially different. The inelastic
displacements are greater than the elastic displacements for Cases 2A and 2B of the viaduct with abutments
because the abutments yield, reducing the restraint of the end frames assumed in the elastic model. The large
compression displacements in the abutments and the force demand—to—capacity ratios of up to 5 observed for
Case 2B indicate that the abutments would experience substantial damage and that the elastic abutment model
overestimates the restraint of the abutments. It should be noted, however, that if an iterative procedure for the
linearized abutment stiffness is used for the elastic analysis, the inelastic to elastic displacement ratios would
not be as large.

Table 1. Viaduct models for uniform ground motion.

Case 1A 1B ZA 2B 3A 3B
Abutment No No Yes Yes Yes Yes
Hinge Opening (in.) 0.75 0.75 0 0 1.5 1.5
Seat Opening (in.) — — 0 0 14 14
Ground Motion for Soil Site Stiff Soft Stiff Soft Stff Soft

The initial hinge opening does not affect the response of the viaducts without abutments subjected to uniform
ground motion as all the frames move in phase. However, the response of a viaduct with abutments is
sensitive to the initial hinge opening because it affects the amount of restraint that develops between the
adjacent frames. The restrainers have little effect on the response of the viaducts with frames of similar
stiffness and subjected to uniform ground motion because the out-of—phase displacement between the
adjacent frames is small even without restrainers.

The ductility demands from the inelastic analyses and the moment overstrength ratios from the elastic
analyses are listed in Table 2. Although the displacement ductilities are moderate, the curvature ductilities for
the plastic hinging at the top of the lower—level columns are large. This is a characteristic of the inelastic
response of the two-level viaducts because the plastic hinges form in the lower—level columns. Comparing
the displacement ductility demands with the elastic overstrength ratios, it is clear that the displacement ductility
demands of 2.3 to 4.5 for the viaducts without abutments exceed the moment overstrength ratios of 1.3 to 3.4.
The plastic hinges formed at the top of the lower—level columns produce a soft story mechanism in the lower—
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level. Therefore, substantially larger ductility capacities must be provided in the columns than indicated by the
moment overstrength ratios. The comparison of Cases 2B and 3B indicates that initial hinge opening can
substantially increase the moment overstrength ratios and the ductility demands in the viaduct with abutments.

Table 2. Elastic and inelastic response of viaducts subjected to uniform ground motion.

Case 1A 1B 2A 2B 3A 3B
Ratio of Max. Inelastic to Elastic 1.06 1.06 1.19 1.76 0.82 1.23
Displacement
Moment Overstrength Ratio in 243 343 1.46 1.25 2.25 2.49
Lower-Level Column
Displacement Ductility 3.27 4.54 2.30 2.90 2.29 3.82
Curvature Ductility 12.8 177 7.1 12.5 1.5 17.9

The earthquake respense of a long viaduct with frames of approximately similar stiffness can be bounded by
two simple models, so that a nonlinear analysis is not necessary to obtain an approximate response of the
viaduct subjected to uniform ground motion. A model of a typical single frame in the viaduct gives a
reasonable upper bound of the displacement response, as shown in Fig. 3(a). The lower bound of the
displacement response can be obtained by analyzing a complete viaduct in which the hinges are represented by
rotational releases to allow the rotation about the vertical and the transverse axis of the viaduct. In this model,
the abutments are modeled as linear springs with one half the stiffness of the compression only abutment.
Figure 3(b) shows the comparison of elastic displacement for Case 2B with the lower bound model.

RESPONSE OF VIADUCT SUBJECTED TO NON-UNIFORM GROUND MOTION

The large number of bents in a long viaduct provide multiple points of input for the earthquake ground
motion. The cases presented in this paper examine the effects of non-uniform ground motion from non—
uniform soil sites. The effects of a non—uniform soil site are incorporated in the model by applying two
different longitudinal ground motions for the four—frame viaduct model. The first two frames are subjected to
the soft soil ground motion and the remaining two frames are subjected to the stiff soil ground motion. The
non--uniform ground motions used in the study may be conmdercd limiting cases for the type of motions
experienced at an actual site.

The non-uniform ground motion is applied to the two-dimensional model of the viaduct as specified ground
displacement histories at the supports. The abutments are assumed to be monolithic. The abutment is
modeled for the elastic analysis by a spring with one-half the compression stiffness. The abutment is
modeled similarly for the inelastic model but it is allowed to yield at its estimated compressive strength.
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Fig. 3(a) Longitdinal displacements of viaduct Fig. 3(b) Longitudinal displacements of viaduct
with abutments and lower bound model. without abutments and upper bound model.
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The cases analyzed for viaducts on non—uniform soil site are shown in Table 3. The non-uniform ground
motion causes pounding between adjacent frames due to the out—of—phase response between these frames.
Figure 4 illustrates the relative displacements of the interior frames on the soft and stiff soils according to the
elastic and inelastic models for Case 4B. The displacement of the stiff soil frame relative to ground is greater
than the soft soil frame because the latter pushes {through pounding at the hinge) on the former. The
pounding results in a significant yielding, with residual displacement, of the stiff soil frame. Clearly, the
restraint of the soft soil frame and the effect of pounding on the stiff soil frame are more significant for the
inelastic model than for the elastic model. The pull from adjacent frames through restrainers may increase the
displacement of the frames after the columns yield and, therefore, further increases the offsets in displacement
of the yielded columns in a typical frame. The residual displacements due to plastic hinging are also
exacerbated by the P—A effects. The effects of non—uniform ground motion on the response of viaduct with
abutments are similar to that for the viaduct without abutments.

As shown in Table 4, the displacement ductility demand for a viaduct subjected to non—uniform ground
motion is as much as 6.1 for the stiff soil frames (Case 4A) compared with the ductility demand of only 3.3
for a viaduct subjected to the uniform stiff soil site ground motion (Case 1A). The displacement ductility
reduces as the number of restrainers increases. A comparison of Cases 4A and 4D indicates that the initially
open hinges reduce the pounding between the interior frame and the end frame, thereby reducing the ductility
demand on the stiff soil frame and increasing the ductility demand on soft soil frame. In the limit with large
hinge opening, the response of a frame is approximately equal to its independent response

Table 3. Viaduct models for non-uniform soil site ground motion.

Case 4A 4B 4C 4D  5A 5C
Abutments No No No No Yes Yes
Hinge Opening (in.) 0] 0 0 1.5 0 0
Restrainers at Upper Level 0 60 120 60 0 120
Restrainers at Lower Level 0 50 100 0 0 100
15 15
Soft Soil Site Stit Soi Site
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Fig. 4 Longitudinal displacement relative to ground for interior frames on soft and stiff soil
sites {Case 4B).

When the number of restrainers is increased from zero (Case 4A) 1o twice the nominal number (Case 4C), the
moment overstrength ratio decreases by less than 5 percent in an interior frame on soft soil site. In contrast,
the inelastic response indicates that the ductility demand decreases by about 50 percent for this frame in Case
4C compared with Case 4A. The inelastic response generally shows larger displacement ductility demands
for frames on stiff soil site compared with frames on soft soil site for all the cases studied. However, the
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moment overstrength ratios are not significantly different for frames on stiff or soft soil site in the elastic
model. In summary, the elastic model does not accurately predict the inelastic response of the viaduct.

Table 4. Elastic and inelastic response of viaduct subject to non—uniform site ground motion

: Case 4A 4B 4C 4D 5A 5C
Max. Inel. Displ. to Elastic Displ.
Interior Frame on Soft Soil 1.04 0.55 0.53 0.58 0.86 0.71
Interior Frame on Stiff Soil 1.18 1.06 0.99 0.79 1.39 1.1 .
Moment Overstrength Ratio
Interior Frame on Soft Soil 417 3.96 4.03 3.61 3.11 3.08
Interior Frame on Stiff Soil 4.16 4.11 4.28 3.84 3.56 3.63
Displacement ductility :
Interior frame on Soft Soil 54 2.8 26 33 35 3.0
Interior frame on Stiff Soil 6.1 5.5 4.9 4.4 6.2 52

Table 5 shows the maximum hinge opening between the two interior frames on different soils from the
inelastic and elastic models. The inelastic model gives substantially larger hinge openings compared with the
elastic model. Since the inelastic model gives more out-of—phase motion between adjacent frames compared
with the elastic model, the restrainers appear to be more useful. As the restrainers yield, however, they
become less effective in limiting the out-of—phase response compared with the elastic model. Figure 5 shows
that a large number of restrainers is required to limit the maximum hinge opening to less than the yield
displacement of the restrainers,

Table 5. Maximum hinge openings at upper level between adjacent interior frames on soft and stiff soil
sites. Ductility demand on restrainers is shown in parentheses.

Case 4A 4B 4C 4D 5A 5C
Max. Hinge Opening (in.)
Elastic Model ' 17.8 7.8 » 6.0 7.1 16.7 6.2
Inelastic Model 30.2 21.1 99 204 27.1 8.5
— (5.0 (2.3) (4.8) — (2.0)

The restrainers between two frames on the same soil site tie the frames together. As the adjacent interior
frames on different soil sites move out-of—phase, the restrainers between these frames have to pull more than
one frame on each side. The current design criteria for calculating the number of restrainers between two
adjacent frames do not account for the pull these frames may experience from other frames. Also, the current
criteria do not consider the dynamic effects which can significantly increase the forces in restrainers. Whereas
older viaducts with 6 in. seat widths at the hinges and no seat extenders would unseat (and collapse) for the
cases presented here, new viaducts with seat widths of at least 30 in. are adequate for the cases considered.

RECOMMENDATIONS FOR DESIGN

Linear elastic models can estimate the upper and lower bounds of the earthquake response of straight viaducts
subjected to uniform ground motion. The restrainers do not significantly affect the response of the straight
two-level viaducts subjected to uniform ground motion. Instead, the large initial hinge openings significantly
increase the response of viaducts with abutments, The viaducts with frames of different stiffness show
pounding between adjacent frames due to out—-of-phase response.

The design provisions should ensure that the plastic hinging would occur in the columns prior to reaching a
less desirable, nonductile failure state. The displacement ductility demands, though large, may be acceptable
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for most viaducts subjected to uniform ground motion. However, the displacement ductility demands
indicated in the present analyses for viaducts subjected to non-uniform ground motion are difficult to achieve.
The inelastic analyses indicate that abutments do not provide significant restraint in long viaducts.
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Fig. 5 Effect of restrainers on hinge displacement between adjacent frames on stiff and soft soil
site in viaduct without abutments.

The response of a viaduct subjected to non—uniform site ground motion shows that the frames subjected to the
amplified soft soil ground motion are restrained by the frames subjected to the stiff soil ground motion. The
pounding between adjacent frames due to the out-of—phase motion can substantially increase the response of
frames on stiff soils. An unrealistically large number of restrainers are needed to limit the hinge openings to
less than the yield displacements of the restrainers. The large maximurmn hinge opening between adjacent
frames of viaducts subjected to non—uniform ground motion indicates that the viaducts should be designed
with seat lengths of 30 in., as is the current practice.

Nonlinear analysis should be considered for the design evaluations because of the following reasons: (i) the
common practice to correlate the moment overstrength ratio from elastic analysis with the displacement
ductility from inelastic analysis invariably underestimates the local demands in multi—column two—level
viaducts as the inelastic action is concentrated in lower-level columns; (ii) the effects of restrainers and the
abutment restraints are overestimated in the linear analysis; and (iii) the nonlinear analysis is particularly
important for analyzing viaducts subjected to non—uniform ground motion to capture the effects of pounding
and the interaction between adjacent frames.
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ABSTRACT

Hysteresis models are derived to reproduce the essential characteristics of experimentally observed
flexural behavior for reinforced concrete elements. They are computationally inexpensive and versatile.
As such, hysteresis models are often used to mode! the behavior of reinforced concrete structural elements
for global nonlinear analysis of structures.

A pair of of new piecewise linear Energy Balanced models are proposed. The new models are based on
controlling the amount of dissipated hysteretic energy and the rate of stiffness degradation observed in
experiments. The Energy Balanced models are compared to six well-known piecewise linear hysteresis
models to examine the differences in the shapes of hysteresis loops, the stiffnesses of loop segments
and the amount of dissipated hysteretic energy. The comparison shows that the new Energy Balanced
models are capable of accurately reproducing the energy dissipation and stiffness degradation observed
in experiments.

KEYWORDS

Hysteresis model, Reinforced concrete, Energy dissipation, Stiffness degradation, Computer implemen-
tation

INTRODUCTION

Many computational models have been developed to capture the nonlinear behavior of reinforced con-
crete beam-column elements. The models can be classified into three classes: (1) models is based on
two-dimensional or three-dimensional finite element discretization; (2) models derived from the fiber
discretization of the cross section and element assembly using the filament or the variable stiffness
formulation; (3) hysteresis models.

The reinforced concrete hysteresis models are empirically based. The goal of the modeling process is
to represent the most essential properties of the behavior observed in the experiments on beams and
columns under quasi-static cyclic loading. Hysteresis models prescribe a set of rules governing the
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behavior of the model under all possible cyclic loading histories.

An efficient analysis of large reinforced concrete frame structures requires a computationally inexpensive
and acceptably accurate model for the most common structural elements or sub-systems. The hysteresis
models are good candidates to fulfill this role. Therefore, in order to facilitate a seismic analysis of the
elevated freeway structure [Stojadinovi¢ 95], a set of reinforced concrete hysteresis models was used to
represent the experimentally observed behavior of upgraded bridge outrigger knee joints.

Six existing reinforced concrete hysteresis models are reviewed. A pair of new hysteresis models, based on
controlling the amount of dissipated hysteretic energy and the rate of stiffness degradation, are proposed
and implemented. All eight models are evaluated by comparing the shape of the hysteresis loops, the
degradation of characteristic loop stiffnesses and the energy dissipation rates to the measurements
obtained from the experiments on upgraded outrigger knee joints {Thewalt 92]. The evaluation shows
that simple hysteresis models can be enhanced, at the expense of little computational effort, to accurately
reproduce the measured stiffness degradation and energy dissipation of reinforced concrete structural
elements.

HYSTERESIS MODELS

A reinforced concrete hysteresis model defines a monotonic force/deformation response envelope and a
set of rules for constructing the hysteresis loops. The monotonic response envelope is usually symmetric
about the origin. The hysteresis loop rules define the behavior of the model in the event of unloading
from the response envelope, cycling within the hysteresis loop and reloading to the response envelope.
Depending on the types of functions used in the rules, the hysteresis models can be curvilinear or
piecewise linear. :

Six well-know piecewise linear hysteresis models are considered (Figure 1). The simplest model is the
bi-linear (elastic-plastic) hysteresis model. Clough hysteresis model [Clough 66] improves on the bi-
linear model by considering the degradation of the hysteresis loop stiffness. Takeda model [Takeda 70,
Otani 74] improves on the Clough model in two ways. The monotonic response envelope is tri-linear,
accounting for the event of cracking. The unloading stiffness K, is a fraction of the elastic stiffness K
that degrades exponentially with increasing deformation ductility g

Ku = Ky M—O.S' (1)

The Q-hyst model [Saiidi 82] merges the simplicity of the Clough model with the unloading stiffness
degradation feature of the Takeda model. Another modification of the Takeda model was implemented
in IDARC [Kunnath 92]. Degradation of the unloading stiffness was modeled by adopting a common
focal point for all unloading segments of the hysteresis loops. The sixth hysteresis model, developed
in [Mander 84}, generalizes upon the previous models. It features a tri-linear response envelope and a
hysteresis loop composed of two tri-linear halves. By varying two model parameters, Mander hysteresis
model is capable of simulating all of the previous mentioned models except the IDARC model.

PROPOSED ENERGY BALANCED MODELS

The proposed reinforced concrete hysteresis models are based on empirical observations and are piecewise
linear. Both models have a symmetric multi-segment response envelope. The segments are defined by the
first-crack, yield, ultimate-resistance and failure events to match the experimentally observed response
envelope. Both models have hysteresis loops consisting of two halves, symmetric about the origin of the
coordinate system. The proposed models differ in the hysteresis loop construction rules: the hysteresis
loops of the Bi-Linear Energy and Tri-Linear Energy Balanced models are made up of bi-linear and
tri-linear symmetric halves, respectively (Figure 2). The length and stiffness of the loop segments are
determined to match the observed stiffness degradation rates as well as the measured energy dissipation.
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Figure 1: Well-known piecewise linear hysteresis models.

Definition of the Energy Balanced Model

The experimental data used to calibrate the Energy Balanced models in this study was obtained
from a series of tests conducted on upgraded outrigger knee joint sub-systems [Thewalt 95]. The up-
graded specimens were designed to develop a plastic hinge in the column. Therefore, the measured
force/displacement response of the specimen is representative of a reinforced concrete element respond-
ing predominantly in flexure.

The force/displacement response of an upgraded specimen is shown in Figure 3. The events of first
cracking, yielding of longitudinal reinforcement, ultimate capacity and failure are easy to identify on
the specimen response envelope. First vielding of column longitudinal reinforcement occurred at a
displacement of 1.25 cm. The force/displacement hysteresis loops are well-rounded, providing significant
energy dissipation and showing no pinching up to a displacement of 10 cm, corresponding to a tip
displacement ductility of 8. The measured loops are roughly symmetric about the coordinate system
origin.

The shape of a hysteresis loops can be quantified by the slopes measured at several characteristic points
of the loop Figure 3). The unloading segment can be defined by the tangent unloading stiffness K, or
the average unloading stiffness K, [Krawinkler 92]. The reloading segment of the loop is best described
by the slope at the point of zero displacement, the tangent zero-displacement stiffness K,. The loop
ends at a slope similar to the hardening stiffness of the response envelope K. The three characteristic
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Figure 3: (a) Force/displacement response. {(b) Characteristic stiffnesses of a hysteresis loop.

stiffnesses were measured during each load cycle applied to the three outrigger knee joint specimens.
The stiffness values, normalized with respect to the specimen yield stiffness, are plotted as a function of
the tip displacement ductility in Figure 4. The stiffnesses degrade considerably with increasing ductility.
The measured values were interpolated as:

K, = 16Ku*% (2)
K, = 10K, (3)
K, = 05K,u™" ' (4)

The values of the coefficients are representative of a well-confined square column responding in flexure.
Further study is needed to establish a range of coefficient values appropriate for different structural
systems.

Another important measure of the hysteresis response is the dissipated hysteretic energy, quantified
using an equivalent viscous damping ratic §. The change of the equivalent viscous damping ratios
observed during the tests of three knee joint specimens is shown in Figure 4. The damping ratios
remain at approximately 5% during the pre-yield load cycles. After yielding, the ratios grow to peak
values of approximately 25% at a displacement level where the specimens reach their ultimate capacity.
The measured damping values were interpolated in the least squares sense using a parabola:
5_{&%7 ifp<i (5)
T 1 —0.004u2 +0.071x — 0.02 otherwise. ‘
The use of the interpolation formulas in the Energy Balanced models is illustrated using the Bi-Linear
model. The stiffness of the unloading segment is set equal to the average unloading stiffness K, (Equa-
tion 3). The end-point of the reloading segment is computed to preserve the central symmetry of the
hysteresis loop with respect to the coordinate system origin. The end-point of the unloading segment

and, implicitly, the stiffness of the reloading segment, are computed to insure that the area of the hys-
teresis loop conforms to the energy dissipation model defined by Equation 5. The area of the triangle in
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Figure 5 is equal to one half of the arca of the hysteresis loop A4;, computed from the equivalent viscous
" damping interpolation. The following angles are then calculated:

a =arctan(K,); 7= arctan(K,). (6)

Given the length of the peak-to-peak diagonal Dy, and the angle (& — 7), the length of the projection
of the unloading segment on the displacement axis is

Ap
A= m_—ﬂ COS &x. (7)

The end-point of the unloading segment is defined by the coordinates

d = d-A (8)
F1 = F-—KuA. (9)

COMPARISON OF HYSTERESIS MODELS

The measured force/displacement responses of the upgraded outrigger specimens are used as a bench-
mark to compare the performance of the hysteresis models (Figure 7). The envelopes of the models
were computed to give the best possible estimate of the measured response envelope. The models are
subjected to a displacement history that mimics the displacement history imposed on the specimen.

The Bi-linear model poorly represent the hysteresis behavior of a reinforced concrete elements. The
importance of stiffness degradation, introduced in the Clough model, to closely model the reinforced
concrete hysteresis response is evident from the response graphs. Degradation of unloading stiffness
with increasing ductility, introduced in the Takeda model, gives an even more realistic model response.
The model with three-segment half-loops, the Mander and the Tri-Linear Energy Balanced models,
reproduce the measured response hysteresis loops very closely at all ductility levels.
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Figure 5: Construction of the hysteresis loop for the Bilinear Energy Balanced model.

Unloading stiffnesses of the hysteresis loop models are compared to the test measurements on the three
upgraded knee joint specimens in Figure 6. The Bi-linear and the Clough model have a constant un-
loading stiffness, equal to the model yield stiffness. All other models incorporate exponential unloading
stiffness degradation. The difference in degradation rates is caused by the different ductility exponent
values used in the models.

The energy dissipation characteristics of the models are compared by plotting the equivalent viscous
damping ratios with respect to the displacement ductility (Figure 6) and comparing them to the mea-
sured damping ratios. The Bi-linear model grossly overestimates the energy dissipated in the specimens.
The IDARC model has a constant damping ratio of approximately 20% for all ductility levels. Energy
dissipated in loops generated by the remaining models increases with increasing ductility, following
the basic trend observed in the experiments. The Clough model slightly overestimates damping, while
Takeda, Q-hyst and Mander models underestimate damping throughout the range of ductilitics. Damp-
ing does not decrease in the post-ultimate ductility range for these four models. On the other hand,
both Energy Balanced models are designed to closely follow the experimental data.

The Energy Balanced models require more computational effort than the other hysteresis models. The
Bi-Linear and the Tri-Linear Energy Balanced models were 1.9 and 3.1 times slower than the Clough
model, while Mander’s model was only 1.5 times slower. However, if some parameters are pre-calculated
the cost of using the Energy Balanced models becomes acceptable. For example, the simplified Bi-Linear
Energy Balanced model was only 19% slower than the Clough model.
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Figure 6: Comparison of model unloading stiffness degradation rates and energy dissipation.

176



ma T T —

" Clough

5. 8888

ransverse force [kN]

i
|

583

i X - ' ' : H
10 15 15 10 ) 5 10 18

L
=
i
s

transverse force [kN)

transversa force [kN]

-15 -10 -5 [¢] 5 10 15 -15 -10 -5 0 5 10 15
transverse displacement [em)]

400} " Mander

transversa force [kN]
transversa force [kN)
=3

-15 -10 -5 0 5 10 15
tfransverse displacemant jom])

400 400 Etigia-av
3001 300
Z 200 = 200
= X,
2 100 g 100p
8 £
) of - @ 0
@ 4
@ e
§-100 & =100}
< = .
13 I
£ -200 = =200
=300 -300
-400 B . =400 -
i " ; L . i L L L
-15 =10 -5 0 5 10 15 -15 -10 -5 0 g 10 15
transverse displacamant {em] transvarse displacemant jem]
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CONCLUSION

Two Energy Balanced hysteresis models, based on quantifying the amount of dissipated hysteretic
energy and the rate of stiffness degradation, were proposed and implemented. The comparison of these
models to the experimentally obtained data shows that the new models match the observed response.
The evaluation of the hysteresis models demonstrates the subtle differences among the models.

The Energy Balanced models are designed to be general tools for global analysis of structures. The
parameters of the model envelope, the stiffness degradation rates and the energy dissipation function can
be determined using a wider sample of experimental data or from data computed by more sophisticated
analytical models. Once the model parameters are established, the Energy Balanced models are good
candidates for use in performance based earthquake-resistant design procedures.
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ABSTRACT

This paper summarizes a time-history analysis of a base-isolated demonstration building that was built in
1994 at Pasir Badak, Indenesia. The building is a four-story reinforced concrete frame with masonry infill
walls and is supported on high-damping natural rubber (HDNR) bearings. The modeling of the isolation bear-
ings and the superstructare were based on the experimental studies carried out at the Earthquake Engineering
Research Center (EERC), University of California at Berkeley, Berkeley, California.

The superstructure of the demonstration building was modeled as a three-dimensional frame with linear elas-
tic behavior. Beam-column elements were used to model the structural members. The stiffness of the structure
was obtained using cracked section properties of the beam and full cross-section of the columns. The stiffness
contribution of the masonry panels was not taken into account because the panels were separated from the
structural frame by a 25 mm-thick seismic gap that was filled with soft mortar to accommodate 1.5% inter-
story drift. The bearings were modeled as a combination of a linear spring element and a viscous damping
element. The dynamic properties of the bearing elements were selected to match the force-displacement rela-
tionship from the full-scale bearing tests. A series of ground motions with two orthogonal components from
past earthquakes were selected based on site-specific design spectra to represent the maximum design earth-
quake (MCE) and the maximum probable earthquake (MPE) seismic risk levels.

The results show that the HDNR bearings used in the demonstration building were very effective in isolating
the superstructure from the ground motions. The floor maximum accelerations were smaller than the ground
maximum acceleration. The maximum displacements at the isolation level were within the design values. The
interstory drifts were reduced drastically when compared to the fixed-base model. The demonstration build-
ing in Indonesia is a case study in the process of implementing seismic isolation technology using HDNR
bearings, and will serve as a lesson for the implementation of 1solation in other developing countries as an
alternative approach to protecting structures beyond life-safety criteria.

KEYWORDS

natural rubber bearing, base-isolation, seismic isolation, low-cost isolator, low-cost housing, earthquake pro-
tection, demonstration building.

INTRODUCTION

The construction of a four-story reinforced concrete building, supported on high-damping natural rubber
(HDNR) isolators, in the south of Java, Indonesia was completed in 1994. The construction of this demonstra-
tion building was sponsored by the United Nations Industrial Development Organization (UNIDO) to intro-
duce base-isolation technology to developing countries. For any innovative system to be widely adopted in
developing nations, it must be cost-effective and technically efficient, thus, the design and construction of the
superstructure of the isolated building should not deviate substantially from common practice and should use
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building codes for fixed-base buildings and vernacular building materials.

In base-isolated buildings, the earthquake forces transmitted to the superstructure or the floor accelerations
are usually smaller than the peak ground acceleration (PGA) because the majority of the earthquake energy is
not transmitted to the superstructure, but is transformed into large displacements at the seismic isolation level.
Well-designed seismic isolation devices, such as HDNR bearings, should be able to accommodate very large
horizontal displacements resulting from an earthquake without losing the ability to carry vertical and horizon-
tal loads. Typically, two levels of seismic risk are defined for isolated structures. The Maximum Design
Earthquake (MDE) represents the level of shaking expected during the lifetime of the building and it is used
to design the isolator and the superstructure. The Maximum Credible Earthquake (MCE) is the largest input

. possible given the geological framework of the building site. The isolation system as a whole should be
designed and tested to remain stable for the MCE input level.

Description of the Demonstration Building

The demonstration building in Indonesia is located in the southern part of West Java, about one kilometer
southwest of Pelabuhan Ratu. It is a four-story moment-resisting reinforced concrete structure with masonry
infill walls that are supported by sixteen high-damping natural rubber elastomeric bearings. The isolation
bearings are located on the ground level and employ a recessed-endplate connection detail. This configuration
is very easy to install and is cost-effective, thus lending itself as a viable solution for isolation in low-cost
housing applications. The building is 7.2 m by 18.0 m in plan, and the height to the roof above the isolators is
12.8 m. The building accommodates eight apartment units. The walls that enclosed each unit are made out of
unreinforced masonry with special seismic gaps filled with soft mortar. This seismic gap structurally sepa-
rates the walls from the main frame.

The site-specific seismicity for this project was assessed by Beca Carter Holling and Ferner (BCHF) of New
Zealand. They had earlier produced the response spectra incorporated into the Indonesian Code for the earth-
quake-resistant design of buildings (BCHF, 1979). The site-specific response spectra were developed for var-
ious levels of earthquake risk. Figure 1 shows five curves of acceleration spectra representing respectively a
20-year return period (serviceability check), a 200-year return period (recommended design - MDE), a 500-
year return period, a 1000-year return period (Maximum Probable Earthquake - MPE), and a Maximum Cred-
ible Earthquake (MCE).
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Fig. 1. BCHF site respornse spectra

The isolation system was designed so that the period of the isolated building is 2 seconds with 10% of critical
damping during a MDE, and no catastrophic failure will take place in the event of a MPE. The design dis-
placement of the isolator is 101 mm corresponding to 104% shear strain, and the displacement at the MPE
input level is 184 mm equivalent to 189% shear strain. The bearings were designed and fabricated by the
Malaysian Rubber Producers’ Research Association (MRPRA) in Hertford, UK. Two different HDNR com-
pounds and a single bearing size were used to achieve overall economy on fabrication, installation, and main-
tenance of the isolation system. The bearings were connected to the superstructure and foundation using
recessed endplates which is simpler and more cost-effective than a standard bolted connection. The dynamic
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properties of the bearings were obtained from full-size bearing tests conducted at the Earthquake Engineering
Research Center (EERC), University of California at Berkeley (Taniwangsa et al., 1995).

There are currently no guidelines for seismically-isolated buildings in the Indonesian Codes. The superstruc-
ture of the building was designed according to the Indonesian Building Code by the Institute of Human Set-
tlements (IHS) of Indonesia. It was designed as a fixed-base building, expected to behave elastically for a
base shear of 0.07 g, which is about one third of the spectral value of 0.2 g corresponding to a 20-year return
period. The Indonesian code allows the development of plastic hinges in a significant number of primary
structural members at the full spectral value corresponding to a 20-year return period, and the structure has to
satisfy life safety requirements for a spectral acceleration of 0.55 g (corresponding to the MDE). Minteck
Exploration and Drilling Services, under the supervision of BCHF, determined the geological conditions
underneath the building by drilling a borehole 65 m deep. There is a thin layer (about 0.5 m) of sandy silt with
gravel covering unweathered rock layers that support the foundation of the building,

ANALYTICAL MODEL

A three-dimensional time history analysis of the building was carried out using the computer program 3D-
Basis-Tabs (Nagarajaiah et al., 1993). This program is a combination of the 3D general purpose program,
ETABS, and a specific program to model isolation systerns, 3D-BASIS. A mathematical model encompassing
both the superstructure and the seismic isolation system was first developed. This model was then subjected
to a series of recorded ground motions representative of the site response spectra for the MDE and the MPE
seismic risk levels, as well as the serviceability checks.

Superstructure Model

The superstructure of the demonstration building was modeled as a three-dimensional frame with linear elas-
tic behavior. The beams and columns were modeled using beam-column elements in ETABS. The stiffness of
the structure was computed using cracked section properties of the beams and full cross-sections of the col-
umns. The stiffness contribution of the unreinforced masonry walls was not taken into account because the
interstory drifts of the base-isolated model were much less than the drifts of the fixed-based model. The seis-
mic gaps, which were filled with the soft mortar that separated the walls and the structural frame, were large
enough to accommodate the anticipated maximum interstory drifts due to the earthquake ground motions and
isolating the masonry panels from the reinforced concrete frames.

The distribution of the structural elements at each floor was symmetrical in both directions, and the distribu-
tion of the mass was slightly asymmetrical in the longitudinal direction; however, the degree of eccentricity
was very small, less than 3% of the length of the building. The story masses were lumped at the center of
mass of each floor. The mass values included gravity loads and one-half of the live-load. The first nine modes
of the fixed-base superstructure were calculated. Figure 2 shows the first three periods and their correspond-
ing mode shapes. The first period is 0.62 seconds, corresponding to the longitudinal direction; the second
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Fig. 2. First three mode shapes and periods of the demonstration building

mode is 0.45 seconds, corresponding to the transversal direction; and the third mode is 0.35 seconds, corre-
sponding to the first rotational mode of vibration. These periods of the superstructure were sufficiently sepa-
rated from the 2 second horizontal period of the isolation system. Five percent modal damping was assumed

for all modes.
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The model of the superstructure was verified by comparing the analytical studies and experimental results on
a one-third scaled model of the lower portion of the frames that was built and tested at EERC (Taniwangsa er
al., 1996). The analytical model accurately predicted the response of the building under the set of ground
motions representing various levels of seismic risk in the BCHF site spectra.

Isolation System Model

Two rubber compounds, to be designated as “soft” and “hard”, were used to isolate the building. This allows
for the use of one size of bearing to accommodate uneven column loads. Six soft bearings were located under
the columns of the exterior frames in the transverse direction, while ten hard bearings were located under the
remaining columns.

Each bearing was modeled as a combination of a linear spring element and a viscous damping element. The
spring constant and the damping value were appropriately adjusted to account for input intensity. The damp-
ing value was also tuned to include the influence of the axial load on the bearing so that an accurate represen-
tation of bearing response was obtained over the range of inputs. The dynamic properties of the bearing
elements were selected to match the force-displacement relationship obtained from the full-scale bearing
tests. A typical shear force-displacement hysteresis curve of a bearing test (Fig. 3(a)) shows that the secant
stiffness 1is linear and similar behavior is observed for all shear strain levels under different axial pressures.
Figure 3(b) shows the relation between the shear stiffness and shear strain for the soft bearings under the
design pressure. The assumptions in the modeling of these bearings were validated by real-time tests (Tani-
wangsa et al., 1995),

o
=
=

Force (ki)
&
Horizontal Shear Stiiness (kNfmm)
bl e
5 2
7

=
=
¥

o
-
T

i 23+
L 1 bl L 1 L ) L L i s
-150 -0 50 o 50 100 150 ] 50 10 152
Displacsmen imm) Enear Sirain {perent] .
Baarng: $13 Axial Lowd: 34 Ton Beanng: 5124 513 il oad 34 Tan
Signk 5 150 Aokl Pressury: 44 WP Sigral Mamenic AZN Prssre. 14 WPy

Fig. 3. (a) Bearing force vs. displacement and (b) Shear stiffness vs. shear strain

Selection of Input Ground Motions

The site response spectra for various seismic risk levels were developed by BCHF using a probabilistic
approach because no previous strong motion records were available in the vicinity. These site-specific spectra
were used as target spectra in selecting the input motions from the past earthquake record data base. In order
to perform a three-dimensional time history analysis, the records should have two horizontal components and
the elastic response spectra of those records should match the target spectra reasonably well, so that it is not
necessary to conduct acceleration and/or duration scaling (Clark P., et al., 1993). Table 1 shows the seven sets
of ground motion used in the analysis. The 1985 Chilean and Michoacan earthquakes were selected because
they were large earthquakes with a similar subduction zone mechanism to that of the Java trench earthquake
source. The 1994 Northridge, the 1989 Loma Prieta, the 1986 Palm Springs, and the 1990 Uplands earth-
quakes, earthquakes with a wide range of sources and magnitudes, represent the possibility for moderate
intensity strike-slip earthquake mechanism within the highly-faulted region of the building site.

In the analysis, the building was subjected simultaneously to the pair of ground motions, with the strongest

component applied in the weakest direction of the structure, in order to get the results from the most rigorous
case. A serviceability check is critical in assessing the response of a base-isolated structure because during
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small earthquakes, the horizontal force is often not large enough to bring the isolation system to the low stiff-
ness levels anticipated at the design shear strain levels (see Fig. 3(b)), the isolation system is therefore not
effective and at that point the building will behave more like a fixed-base structure.

Table 1: Ground motions used in the analysis

Epicentral

Earthquake Date Magnitude Station Distance Comp. PGA(g)
Chile 3-Mar-85 Ms=7.8 Llolleo 4.5 km NI10E 0.66
| S8OE 0.41
Michoacan 19-Sep-85  Ms=8.1 Caleta de 22 km NOOE 0.14
Campos NOOE 0.14
Palm Springs ~ 8-Jul-86 Ml=5.9 Desert Hot 12km NOOE 0.30
Spring . N9CE 0.27
Loma Prieta 17-Oct-89 Ms=7.1 Corralitos 7 km NOOE 0.63
N9OE 0.48
Loma Prieta 17-Oct-89  Ms=7.1 Capitola 9 km NOOE 0.48
' N9OE 0.42
Uplands 28-Feb-90  MI=5.5 Rancho 12 ki NOOE 0.14
Cucamonga N90OE 0.10
Northridge 17-Jan-94 Ms=6.8 Pacoima dam 19 km N175E 042
Down-stream N265E 0.44

ANALYTICAL RESULTS

Because the model used for the isolation bearings is strain dependent, the time-history analysis of the isolated
buijlding is an iterative procedure. First the expected strain in the isolators is assumed based on the intensity of
the input ground motion. The values of elastic springs and viscous dampers representing the rubber bearings
are chosen according to that estimated strain level. After the initial analysis is performed, the horizontal
deformation at the isolation level obtained from time-history analysis is compared to the estimated strain val-
ues. If the assigned and calculated deformation levels at the isolation level are substantially different, the cal-
culated deformation level is used to determine new parameters of the bearing model; the process is repeated
until the assumed and calculated deformation levels are of the same order. The results of the analyses were
presented in terms of the combined peak floor accelerations and the normalized peak accelerations. The com-
bined peak floor displacement and the inter-story drifts are also discussed. The variation of the column loads
during the earthquake should be verified to assure that the column loads remained in compression, because
the recessed connection of the isolators would not be able to transfer the shear force to the superstructure
under tensile loads.

Prediction of Maximum Accelerations

The time-history analysis was carried out for all selected ground motions shown in Table 1. The combined
peak floor accelerations were obtained by combining the maximum floor acceleration of each direction using
the square root of the sum square method. The peak ground accelerations of both direction were also com-
bined by the same method to obtain combined peak ground acceleration. Figure 4(a) shows the distribution of
the combined peak acceleration along the height of the building. The maximum acceleration responses on the
superstructure corresponding to the input ground motion at the MPE risk level (an earthquake with return
period of 1000 years) are around 0.2 g. According to the Indonesian Earthquake Code, spectral accelerations
of 0.2 g correspond to the full spectral value of an earthquake with a 20-year return period, and the structure
may develop plastic hinges in a number of primary members.

The Uplands earthquake recorded at the Rancho Cucamonga was selected to represent the serviceability level
earthquake, which is a more frequent earthquake with a smaller spectral acceleration values. Usually under
this level of earthquake, the isolation system is not effective because the earthquake forces are not large
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enough to pass the threshold of.the other serviceability horizontal loads, i.e., wind. The maximum foor accel-
eration of the building due to these ground motions was around 0.05 g, For this level of response, the demon-
stration building should behave elastically because the superstructure was designed as a ﬁxed base building

with elastic behavior under 0.07 g spectral acceleration.

Figure 4(b) show the normalized peak acceleration to the corresponding peak ground acceleration. The floor
acceleration responses were always smaller than the PGA, including that for the smallest earthquake in this
study (with a PGA of 0.10 g). The distribution of the normalized maximum accelerations due to the Uplands
earthquake (serviceability check), and the Palm Springs and Caleta earthquakes (MDE) has an inverted trian-
gle shape, while the distribution due to earthquakes selected to represent the MPE was more uniform.
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Prediction of Maximum Displacements

The combined peak floor displacements along the height of the building are shown in Fig. 5(a). The shapes of
the maximum displacement distribution are similar to the theoretical first mode shape of the isolated building

(Kelly, 1992) where a large portion of the building displacement is concentrated at the isolation level
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The maximum displacement of the isolation system due to all records in this study was less than the deflec-
tion at MPE level of 0.184 m. The isolator displacements due to the Caleta, Corralitos and Llolieo ground
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motions were very closed to this value. The displacement due to the Pacoima down-stream ground motion
corresponded to the isolator design deflection, which was 0.104 m.

Figure 5(b) shows the distribution of the maximum interstory drifts. The drift of the base-isolated model is
almost negligible, with a maximum value of less than 0.3% for all of the records. If the building were fixed-
base instead of base isolated, the interstory drift due to a MDE ground motion could reach a value of 1.5%,
which is five times larger than the drift of the base-isolated building. The interstory drift is a very important
response parameter in the prediction of the performance of the non-structural elements and building contents,
and, therefore, in the overall performance of the building.

Variation of Axial Loads on the Isolation Bearings

Because the connections between the isolation bearings and the building foundation were not traditional
bolted but recessed, the contact area of the isolation bearings with the pedestal plates and the column end-
plates became a very important issue. It was necessary to determine whether the axial load of a column
changed sign during the earthquake, implying local column uplift. If the columns are in tension, the isolation
bearings under these columns will not participate in carrying the horizontal shear force; and hence the earth-
quake force will be redistributed to the other isolation bearings, remaining under compression.
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Fig. 6. Maximum and minimum vertical loads on the isolation bearings

In this study, the maximum and minimum axial loads in each column computed from the dynamic analysis
were compared to the design axial load for each bearing type. Figure 6(a) shows the scatter plot of the maxi-
mum and minimum axial loads for the soft compound bearings. The axial loads in each column were always
in compression. These bearings were located under the external transverse frames. The fluctuation of the axial
load of these soft compound bearings was in the range of 20 to 392 kN. Figure 6(b) is a scatter plot of the
maximum and minimum axial loads for the hard compound bearings. The axial loads remained under com-
pression during the earthquakes, fluctuating +35% and -40% around the design axial load of 579 kN. At no
time does any bearing go into tension, thereby eliminating the concern of column uplift and loss of bearing
force-carrying capacity.

CONCLUSIONS

The results of the time-history analyses of an analytical model of the base-isolated demonstration building in
Indonesia show that the HDNR bearings used in this building are very effective in isolating the superstructure
from the ground motions with high PGA (above 0.6 g), usually for the ground motions representing the MPE.
For this level of ground shaking, the combined peak roof accelerations were about 25 percent of the PGA.
The effectiveness of the isolation system in reducing the shear force transmitted to the superstructure tended
to decrease as the PGA decreased. When the PGA of the selected ground motions were in the range of 0.14 g
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to 0.30 g (a MDE risk level), the maximum roof accelerations were in the range of 60% to 90% of the PGA.
The ground motion representing the serviceability check earthquake had a PGA of 0.14 g, and the maximum
roof acceleration was only 40% of PGA. The distribution of the maximum floor acceleration over the height
of the building due to the ground motions with high PGA tended to be more uniform, while for lower PGA
the distribution was an inverted triangle shape.

- In all cases there was no amplification of the PGA to the superstructure. The maximum floor acceleration on
the superstructure corresponding to the input ground motion at the MPE risk level (an earthquake with return
period of 1000 years) were around 0.2 g, which is comparable to the full spectral value of an earthquake with
a 20-year return period for fixed-base design criteria.

The distribution of the maximum displacement is similar to the first mode shape of the isolated building, and
in all cases, the displacements in the isolation bearings were smaller than the MPE deflection of 184 mm. The
maximum interstory drifts were less than 0.3%, one fifth the interstory drift of the fixed-base building under a
MDE earthguake. This study also verified that all the isolation bearings remained in compression under the all
selected ground motions.

A well designed, fabricated, installed, and maintained HDNR isolation system can be an excellent choice in
providing protection from strong earthquakes for public buildings, such as housing, schools, and hospitals.
Isolation reduces the floor accelerations and interstory drifts to ensure earthquake protection beyond life
safety, and provides better performance in terms of building contents, non-structural elements, and- service-
ability after major earthquakes. ‘
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ABSTRACT

This paper presents the results of experimental studies of large scale wall specimens with rectangular, tee-
shaped, and barbeli-shaped cross sections to verify of a recently developed displacement-based design
procedure. This procedure evaluates the need for special transverse reinforcement at the wall boundaries to
provide concrete confinement and suppress buckling of the longitudinal reinforcement. Six wall specimens
were tested; three with rectangular cross sections, two with tee-shaped cross sections, and one with a barbell
shaped cross section. One of the rectangular walls and the barbell shaped walls included large openings at the
base of the wall near the boundary. The specimens were tested under reverse cyclic loading and a constant
axial load of approximately 0.104,/.. The conclusions of the study are: (1) displacement-based design is a
flexible design tool, (2) experimental studies validate the use of displacement-based design, (3) special
attention is required for the design of walls with tee-shaped cross sections, and (4) a strut and tie model used
in conjunction with a displacement-based design procedure is an effective way to design slender walls with
openings in the plastic hinge region.

KEYWORDS

Displacement-based design, performance-based design, ductility, structural wall, shear wall, openings,
unsymmetric, experimental, testing, strut and tie model, effective flange width

INTRODUCTION

The use of reinforced concrete structural walls is common for resisting lateral forces imposed by wind or
earthquakes. In areas of high seismic risk, it is usually not feasible to design a structural wall to remain elastic
during a severe earthquake (Wallace and Moehle, 1992); therefore, inelastic deformations are expected,
usually at the base of the wall. Allowing inelastic deformations reduces the force that the wall must resist,
provides a “fuse” to limit damage to other elements in the structure, and can provide significant damping. In
order to exhibit stable, inelastic behavior, the wall must be specially detailed, that is, transverse reinforcement
must be provided in regions of high strain. '

Prior to 1994, US code provisions regarding the design of reinforced concrete structural walls focused on
strength requirements (i.e. ACI 318-89; UBC-1991). Adequate deformability was achieved through the use of
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heavily confined boundary elements (typically wider than the wall web, resulting in a barbell shaped cross
section) whenever the extreme fiber stress due to combined axial and lateral loads exceeds 0.2f.. The
confinement within the boundary elements must continue over the wall height until the extreme fiber stress
falts below 0.15f,. These boundary elements must be capable of resisting gravity loads and overturning
moments without the aid of the wall web. These requirements often made it costly to use a predominantly
structural wall system, especially in areas of high seismic risk. Studies have shown that these code
requirements are overly conservative for a majority of building systems that utilize reinforced concrete
structural walls for lateral load resistance (Ali and Wight, 1991; Wood, 1991; Wallace and Moehle, 1992).

During the 1985 earthquake near Vifia del Mar, Chile, the approximately 400 modern reinforced concrete
buildings were subjected to strong ground motions. In general, these buildings performed very well. The good
performance of these buildings was attributed to the relatively large number of structural walls which reduced
the deformations imposed on the walls; therefore, specially detailed boundary regions were not required.
Analytical studies were performed to evaluate several Chilean buildings and to extrapolate the findings to U.S.
practice (Wallace and Moehle, 1992; 1993; Wallace, 1994). These studies focused on establishing likely
response characteristics (wall deformation capacity) of shear wall buildings to estimate design requirements.
The analytical studies were compared with experimental studies performed on structural walls of rectangular
or nearly rectangular cross section (Carvajal and Pollner, 1983; Oesterle et al., 1976; Shiu et al, 1981,
Qesterle, 1986; and Ali and Wight, 1991). The results indicated that the analytical procedure used to estimate
the drift capacities tends to yield conservative estimates of wall deformation capacity, and that this procedure
provides a simple, effective method for determining the need for confining steel at structural wall boundaries.
Subsequent analytical studies of reinforced concrete structural walls has lead to the development of a
displacement-based design procedure (Wallace and Moehle, 1992; 1994). The procedure uses lateral drift, as
opposed to strength, and directly relates computed building response and wall attributes to the need to
provide transverse reinforcement at the wall boundaries based on preventing concrete crushing and
suppressing buckling of the longitudinal reinforcement.

Although the displacement-based (performance-based) analytical procedure has been well documented,
experimental studies have not been conducted to verify the analytical procedure. In particular, the analytical
procedure uses monotonic force-deformation relations (moment-curvature relations) to assess the need for
transverse reinforcement at the wall boundaries. In addition, very little experimental information is available to
assess the performance of rectangular walls with moderate amounts of transverse reinforcement at the wall
boundaries. Essentially no data are available for walls with unsymmetrical cross sections, or for walls with
openings at the base. Given these needs, a comprehensive experimental program was undertaken as outlined
in the following sections.

EXPERIMENTAL STUDIES

Experimental verification of the proposed displacement-based design approach involved the testing of six
approximately quarter-scale wall specimens. The walls tested were: two solid rectangular walls, two solid tee-
shaped walls, one rectangular wall with an opening, and one barbell shaped wall with an opening (Figs. 1 to
3). The walls were 12 £t (3.66 m) high and 4 ft (1.22 m} long, resulting in an aspect ratio of 3. A wall
thickness of 4 inches (102 mm) was used. Typical material properties were selected, /- =4 ksi (27.6 MPa) and
J, =60 ksi (414 MPa). Further details can be found in Thomsen and Wallace (1995) for the solid walls and in
Taylor and Wallace (1995) for the walls with openings.

A displacement-based design procedure was used to select transverse reinforcement at the wall boundaries.
Based on analytical studies of prototype buildings (Thomsen and Wallace, 1995), each wall was designed for
1.5% lateral drift. Transverse reinforcement was provided to ensure that the walls could reach the design
curvature. For strains exceeding 0.004, special detailing was used to provide concrete confinement and to
suppress buckling of the longitudinal reinforcement. The flanges were considered for the tee-shaped walls and
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the openings were considered for the walls with openings; therefore, the normal strain distributions computed
for positive and negative lateral loading differ. Higher concrete compressive strains are predicted for the tee-
shaped wall when the flange is in tension, and for the wall with an opening when the “column” is in
compression (defined as negative loading in the experimental program for both wall types). Figure 4 shows
the reinforcement provided for the rectangular wall with an opening. The reinforcement for the other
rectangular wall sections were similar. Figure 4 shows that a greater amount of transverse reinforcement was
provided in the column, next to the opening, where greater compressive strains were expected. Analysis of the
tee-shaped wall also indicated that considerably greater amounts of transverse reinforcement spaced over a
greater depth was needed at the web boundary. In contrast, based on the computed normal strain distribution
for the tee-shaped walls, very little transverse reinforcement was needed at the web-flange intersection.

For the solid rectangular wall (RW2), minimum web reinforcement was used (deformed US #2 bars @ 7.5

inches, p = 0.00327) since the shear stress at wall flexural yielding was only 2.5\/f_c' psi (0.21\/f_c' MPa). For

the tee-shaped wall, the design shear force was computed from the flexural capacity of the wall assuming all
of the flange longitudinal reinforcement was effective as tension steel; therefore, the flexural capacity of the
Tee-shaped wall was approximately twice that for the rectangular wall and greater amounts of web steel was
provided deformed US #2 bars @ 5.5 inches (6.4 mm @ 140 mm), p = 0.00445.

Since conventional techniques are not effective for the shear design of discontinuous regions, shear
reinforcement for the walls with openings was selected using strut and tie models. A refined model was
developed for each wall in each direction. The models indicated that, when the column was in compression, a
concentration of horizontal steel was required over the opening to drag the shear force back into the solid
panel. Use of a strut and tie model ensured that an adequate load path was provided to carry the applied
horizontal load from the top of the wall down to the base. Although the strut and tie model does not assess
the need for vertical web reinforcement, equal amounts of horizontal and vertical web steel were provided in
the panel region at the base of the wall. Analytical studies (Sittipunt and Wood, 1994) suggest that diagonal
reinforcement is the most efficient distribution of web reinforcement. Although less efficient, a uniform mesh
of horizontal and vertical reinforcement was used for ease of construction.
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Instrumentation was provided to
measure loads, displacements and
strains at critical locations. -All
8.18. Cronnets Tia measurements were read by a
F [? T computer data acquisition system at
Cie Angles 32 points throughout each cycle.
High=Strength Lateral load was measured with a

Post- Tensioning

Cables load cell placed between the actuator
/\ and the load transfer assembly. Axial
|| - ~ loads were measured with hollow
i ...~ core load cells placed between the
Well Specimen " top chucks and the jacks. The

8 horizontal displacement profile of
each specimen was measured using
wire potentiometers at four locations
[— over the wall height. The wire

Hydroulic Jacks
Hydrovlic Agtuotor

Paricoke
lecd Cetla

Leod Cest

potentiometers were mounted on a
steel reference frame connected

Opening

/— Reoction Wall
Pedertol
N reoena ; independently to the floor. Linear
Strong Fioor Fovle hochored . e Ve bomn b l 7= potentiometers were provided at
each end of the pedestal to determine
the wvertical displacement of the
, pedestal, from which the pedestal
Fig. 5 Test Setup rotation was calculated. To obtain
the rotation at the base of the wall (over approximately the plastic hinge length), wire pots were mounted at
the first story height and connected to the pedestal to measure the vertical displacement of each side of the
wall. Shear deformations were measured using wire potentiometers mounted in an “X” configuration over the
bottom two stories. Vertical strain along the base of each wall was measured three ways. First, steel strain
gages were attached to many of the reinforcing bars just above the base of the wall and at the first story level.
Second, concrete strain gages were embedded at various locations along the base of the wall. Finally, linear
voltage differential transducers (LVDT’s) were used to measure vertical displacement along the base of the
wall over a gage length of approximately 9 inches (229 mm),

s .

The base of each specimen was fixed to a strong floor and the top was free to rotate (Fig. 5). Qut of plane
movement was restrained at the top of the walls. A constant axial load of approximately 0.104.f. was
maintained for the duration of each test. Reverse cyclic horizontal loading was applied slowly at the top of
each specimen in the plane of the wall or web in the case of the tee-walls. Typically, two complete cycles were
performed at each drift level, however, four cycles were typically performed at lateral drift levels of 1.0 and
1.5%. The drift levels investigated were approximately 0.10%, 0.25%, 0.50%, 0.75%, 1.0%, 1.5%, 2.0%,
2.5%, and 3.0%.

EXPERIMENTAL RESULTS

Lateral Load Versus Top Displacement

Figures 6 through 8 show the applied lateral load versus top displacement relations {note that the vertical axis
are different for Fig. 7). The applied lateral load was measured using a load cell mounted between the
hydraulic actuator and the top loading assembly. Top displacement was measured using a wire potentiometer.
In general, excellent performance was observed for the wall specimens. Lateral drift levels of 2 to 2.5% were
applied before significant deterioration was observed. For each specimen, the point of yielding can be
identified to occur at approximately 0.75% driff. For the tee-shaped wall, the post-yield stiffness is
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significantly greater and the strength is nearly double when the web is in compression due to the large neutral
axis depth caused by the large amount of tension steel within the flange. Figure 7 shows that tee-shaped walls
do not perform simply as two rectangular walls as may be assumed in design. For the walls with openings, the
strength and stiffness in the positive direction are only slightly greater than in the negative direction for each
specimen. The similar strengths and stiffnesses were the result a shallow neutral axis depth; thus, the opening
had little effect on the flexural behavior of the wall. The full loops in Figs. 6 through 8 indicate that, with
proper reinforcement, rectangular walls, tee-shaped walls, and rectangular walls with an opening at the base
can exhibit stable hysteretic behavior and significant ductility.

Strain Profiles at Wall Base

The strain profiles at the base of the wall were calculated from the LVDT’s (Figs. 9 through 13). Strains were
calculated by dividing the displacement recorded from the LVDT’s by the gage length of approximately 9
inches (23 cm). The design strains were taken from moment-curvature analyses based on the curvature
demand at the wall base for the design drift level 1.5 % (Wallace and Moehle, 1992). The strain profiles for
the four solid walls are nearly linear, thus the assumption of a linear strain distribution is reasonable even
though cyclic loads were applied to the wall specimens and the analytical procedure is based on a monotonic
moment-curvature analysis.

For the walls with openings, when the lateral drift exceeds approximately 0.75% drift, the strain profiles
become nonlinear, The column and the panel act somewhat independently in flexure, resulting in greater
curvature in the panel and in the column. This is most prominent in the column (Figs. 10 and 11). This
increase in curvature at the base of the column was accompanied by a decrease in curvature at the top of the
column, indicating that the column was subjected to reverse curvature.

For the tee-shaped walls with the flange in compression (Fig. 12), very low strains are predicted and
measured; therefore, evaluation of this case is not critical. For the T-shaped wall with the flange in tension
(Fig. 13), large compression strains developed in the web. It is noted that the design strain distribution plotted
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in Fig. 13 is based on assuming the entire tension flange is effective; experimental results indicate that this was
a reasonable assumption. In addition, the experimental results plotted in Fig. 13 have not been corrected for
pedestal rotation which accounted for approximately 0.3% drift at an imposed drift level of 1.5%; therefore,
the comparison between experimental and analytical strain distributions would be slightly better if this effect
were included. The large compressive strains that develop at the web boundary are much greater than those
for the rectangular walls due to the contribution of the flange reinforcement as tension steel. This high strain
must be identified when evaluating the need for transverse reinforcement; therefore, tee-shaped walls should
not be designed simply as two rectangular walls joined together and the influence of the flange must be
evaluated. For evaluating detailing requirements at the web boundary (as well as shear reinforcement), a high
estimate for the effective flange width should be used to ensure adequate performance.

Moment - Curvature Relations

The experimental moment-curvature relations for the rectangular wall with an opening are compared with
analytical results at the first peak of each drift level in Figs. 14 and 15. In addition, the design ultimate
curvature is noted on the figure for reference. The analytical results were calculated using the BIAX (Wallace,
1992) computer program with a Saatcioglu & Razvi (1992) model for confined concrete. For the
experimental curves, the moment was taken as applied horizontal load times the height to the point of
application above the wall base (150 in; 3.81 m). The experimental curvature was calculated two ways: 1) as
the slope of a best fit line through the strains determined from the LVDT’s at the base of the wall, and 2) by
dividing the rotation at the first story level by an assumed plastic hinge length of 30 inches (762 mm). For the
solid walls, in general, very good agreement was observed between analytical and experimental moment-
curvature relations (similar to results plotted in Fig. 14); therefore, these results are not shown. For the wall
with an opening, the comparisons show that, although the actual strain distributions were not linear, both the
peak moments and the curvatures were predicted very well, especially for the case with the column in tension
(Fig. 14). For the case with the column in compression (Fig. 15), a reduction in stiffness is noted and the
flexural capacity is overestimated using a monotonic moment-curvature analysis. The reduction in stiffness is
likely due to the Bauschinger effect caused by cyclic loading. The slightly under predicted ultimate moment
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capacity is attributed to the contribution of the diagonal compression struts to the stress in the longitudinal
steel.

Strut and Tie Models

Although, for solid walls with the same overall dimensions, shear was found to play a small role in the
specimen behavior, for the specimens with openings, shear contributed approximately 25% of the overall top
lateral displacement. As well, conventional code approaches are ineffective for walls with relatively large
openings. Strut and tie models were found to be a flexible and effective tool for the shear design of
discontinuous regions. Provided a reasonable model is selected, this method will result in a conservative
design. A reasonable model is one in which the orientation of model elements does not vary too far from the
elastic principle stresses. Strain gage data indicated that the additional horizontal web reinforcement provided
above the opening to drag the shear back into the wall panel at the base of the wall was effective. The strain
gage data also revealed that the load path assumed in the design process was not always followed when
alternative, stiffer, load paths were available. Although the strut and tie model did not indicate a need for
vertical web reinforcement, and analytical studies suggested that diagonal reinforcement should be provided, a
mesh of horizontal and vertical web reinforcement was provided. Test results indicate good inelastic
performance with this reinforcing arrangement.

CONCLUSIONS

In areas of high seismic risk, structural walls are not designed to remain elastic during a severe earthquake;
therefore, inelastic deformations are expected, usually at the base of the wall. In order to exhibit stable,
inelastic behavior, the wall must be specially detailed, that is, transverse reinforcement must be provided in
regions of high strain. Experimental results show that, when properly reinforced, slender structural walls can
exhibit stable hysteretic behavior and significant ductility.

The experimental studies presented in this paper have shown that displacement-based design methodologies
are an effective tool for evaluating structural wall behavior. Using a displacement-based approach results in
wall designs that are directly related to the building configuration, as well as the wall aspect ratio, the wall
axial load, the wall cross sectional configuration, and the wall reinforcing ratios. This procedure worked well
to ensure that the concrete in the boundary elements had adequate confinement to prevent crushing at high
strains. The agreement between the predicted and experimental strain distributions and moment curvature
relations verify that displacement-based design procedures are appropriate for design and evaluation of
slender structural walls. For slender walls with openings, combining a displacement-based design approach for
evaluating required transverse reinforcement at the wall boundaries with a strut and tie model to evaluate
required shear reinforcement proved effective. Although measured strain distributions were not linear for the
walls with openings, comparisons between predicted and measured moment-curvature relations indicate that
reliable results can be obtained.
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ABSTRACT

In recent years, it has been shown that the seismic performance of existing buildings can be enhanced considerably
by bracing them with post-tensioned rods or cables. The use of this upgrading technique yields several advantages,
such as architectural versatility, low cost, fast and clean construction, and does not add any significant reactive
mass to the existing facility. This paper has the following objectives: to investigate the use of post-tensioned steel
braces for the seismic rehabilitation of non-ductile frame buildings with unreinforced masonry infills; to discuss
some of the issues that need to be considered for the design of the rehabilitated building; to assess the advantages
of the use of this technique by studying the seismic performance of an infilled non-ductile frame building before
and after it has been upgraded with post-tensioned braces; and finally, to offer conclusions and research
recommendations.

KEYWORDS
Unreinforced masonry, seismic performance, displacement control, interstory drift, seismic rehabilitation
INTRODUCTION

During the rehabilitation of an existing building, the design options available to the designer are limited by the
existence of a building that usually has some structural deficiencies. To make possible the successful rehabilitation
of an existing building, the designer needs to identify its structural weaknesses through the understanding of its
local and global mechanic characteristics. In the case of non-ductile frame buildings infilled with unreinforced
masonry (URM) walls, this understanding should not only include the characteristics of the frame members, but
also those of the infills. Given the poor performance of URM buildings and elements during past and recent earth-
quakes, the notion that this material should not be used to resist lateral loads is widely extended. Nevertheless,
recent research has challenged this notion while demonstrating that as with any other structural material, the use
of URM to resist seismic loads has advantages and disadvantages, depending on how the URM is vsed.

The efficient rehabilitation of an existing building is possible when all its existing structural materials and
elements can be used to help resist the seismic loads once the building is rehabilitated. This may be achieved in
infilled frames if the large natural sources of strength, stiffness and viscous and hysteretic energy dissipation
provided by the infills are taken advantage of. That is, rather than eliminating the infills” contribution to resist the
seismic loads, it is necessary to consider that the presence of URM infills may improve the overall seismic
performance of a frame building. Under these circumstances, the main challenge confronted by the designer can
be summarized with the following question: What changes can and should be introduced to the mechanic
characteristics of the building, through the use of post- tensxoned (PT) steel braces, in such a way that the mﬁlls
are put to work according to their strengths rather than their weaknesses?

SEISMIC PERFORMANCE OF URM ELEMENTS

The overall earthquake-resistant capacity of URM elements is considerably higher than was previously thought.
URM walls and infills have a considerably larger strength than that at first cracking, a significant inelastic
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deformation capacity and if their in-plane deformation is limited within certain values, a fairly stable hysteretic
behavior. Even after several loading cycles, URM elements are able to carry a large percentage of their peak
strength for relatively large drift. Thus, it is not surprising that URM infills that are properly introduced into frame
buildings enhance considerably the ultirnate strength and stiffness of these buildings, and even their energy
dissipation capacity (Klingner and Bertero, 1976; Schuller et al., 1994).

Depending on the loading condition, the relative strength and stiffness of the frame and infills, the bond between
them, and the mechanic characteristics of the masonry, a number of failure mechanisms are possible in an infilled
frame. The designer should be aware of these mechanisms, and accordingly, avoid undesirable modes of failure.
Other issue that deserves consideration is the multi-directional nature of ground motion. Drift and acceleration are
the most relevant in-plane and out-of-plane seismic demands, respectively, in URM infills. It has been observed
that in-plane damage reduces the out-of-plane strength of an infill, especially for those having large slenderness
ratios (Sakamoto, 1978; Angel and Abrams, 1994). Usually, out-of-plane failure should not be a design concern
because URM infills possess high out-of-plane strength (Angel and Abrams, 1994). Nevertheless, some experimen-
tal results and the out-of-plane failure of URM infills during past earthquakes suggest that large in-plane demands
in combination with significant out-of-plane demands may result in out-of-plane failure (Teran er al., 1995).

BASIC BEHAVIOR OF A PT STEEL BRACE

Figure la shows the deformation vs. force curve of an axially loaded cable (or rod). As shown, the cable buckles
elastically when subjected to compressive strains; while it can develop its yielding strength under tension. Figure
1b illustrates the behavior of the same cable subjected to cyclic loading. As shown, all inelastic tensile elongation
accumulates every time the cable yields in tension. Figure 2a shows a counterpart of Fig.la for a prestressed cable.
As shown, both figures are similar, except that there is an initial state of stress and strain in the prestressed cable,
which is accounted for in Fig.2a by shifting the origin of the force vs. displacement axes. Because of this shift,
the cable can now "resist" compressive forces (a reduction of its initial tension can be interpreted as the cable
developing a compressive force). Note that a reduction in the initial prestress of the cable implies a reduction in
its capacity to "resist" compression, as can be concluded by following the path OABC in Fig.2b (Teran et al.,
1995). Figures 1 and 2 provide help in understanding the consequences that excessive yielding or buckling of a
PT brace can have in its seismic performance: first, yielding (loss of prestress) reduces its ability to "resist”
compressive forces; second, yielding (axial elongation) results in the reduction of its lateral stiffness; and third,
net compressive strains in the brace (buckling) can lead to sudden and undesirable changes in the strength and
deformation demands in the existing frame members. The axial strength and the amount of prestress provided to
the braces should be designed to prevent their buckling and/or excessive yielding. This is only possible if a
reasonable estimate of the maximum drift demand in the braces is available.
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The use of high levels of prestress, so that the PT braces may moderately yield in tension at relatively small drifts,
has been recently discussed (Pincheira and Jirsa, 1992). Although this is an attractive option, it should be
considered carefully, because braces with high levels of prestress are likely to yield, and thus of partially loosing
their high level of prestress during the small and moderate seismic events that usually occur prior to the safety
level ground motion.

USE OF PT BRACES FOR REHABILITATION OF INFILLED NON-DUCTILE FRAMES

The use of PT steel braces in seismic rehabilitation is a relatively new technique that can be applied efficiently
to rehabilitate existing low and middle-rise frame buildings by providing significant increases in the lateral
stiffness and strength of these buildings (Rioboo, 1989; Pincheira and Jirsa, 1992).

Previous to the rehabilitation of an existing building, it is desirable to carefully define the design goals of this
rehabilitation. One way of defining the design goals consists of first defining qualitatively what constitutes an
acceptable behavior (performance criteria) of the upgraded building, an then to quantify this qualitative definition
by setting limits on the global and local seismic demands of the upgraded building. For instance, damage in frame
members and in-plane damage in URM infills can be controlled by limiting their deformation and energy
dissipation demands, while out-of-plane damage control in the infills can be achieved by limiting their in-plane
damage and out-of-plane acceleration. The design of an adequate PT bracing system can be based on different
performance criteria. Once these criteria have been established and quantified, different philosophies of design
can be used to satisfy them. Essential to the good performance of the upgraded infilled non-ductile frame is to
keep the frame members from developing non-ductile failures, preventing the collapse of the URM infills and
preventing the PT braces from yielding in excess or buckling. To achieve this performance criteria, the following
philosophy of design is suggested: design the PT braces to remain elastic and to control the story drift in the
building to avoid the failure or collapse of the non-ductile frame members and the URM infills. Controlling the
drift demand on a building through its rigidization while keeping the non-ductile frame members and PT braces
essentially elastic is very likely to result in large increases in the base shear and story acceleration demands in
the upgraded building. Nevertheless, provided the deformation demands on the URM infills are controlied within
certain limits, they can supply a large and fairly stable source of viscous and hysteretic energy dissipation that
will reduce these increases.

It should be emphasized that the good performance of the frame members, infills and PT braces in the upgraded
building can only be achieved through drift control. This implies that the quantification of the performance criteria
can be attempted by setting limits to the maximum drift or interstory drift index, ID], demand in the building. An
attractive aspect of the use of PT braces in rehabilitation is the wide range of lateral stiffness that can be
considered during their design. Once the stiffness of the existing structure is evaluated, a bracing system with
adequate stiffness can be easily developed. In the particular case described here, the braces should allow the
structure to deform enough so as to allow the infills to contribute to resist the seismic loads, while controlling this
deformation so as to let the infills provide this contribution in a stable manner and to keep the non-ductile frame
members from failing. Although PT braces are usually designed to remain elastic, they can be fabricated from
different types of steel, in such a way that they can be designed for a wide range of elastic deformation.

Due to the prestress in the PT braces, an initial state of stress is induced into the existing elements. Because of
the large plan area of the infills, the presence of the braces induces a moderate state of compression that is likely
to enhance the behavior of the infills. If so, it is desirable to brace the infilled frames of the building. Some
advantages of using PT braces are: usually it is possible to distribute and design them in such a way as to avoid
modifying the existing foundation; they add small reactive mass; there is no concern for inelastic buckling of the
braces; clean and fast construction process; multiple architectonic possibilities; and they provide an efficient and
economic solution. To achieve an adequate rehabilitation of an infilled frame using PT braces, it is necessary to
check several aspects of the global and local behavior of the upgraded building: the change in behavior and failure
mode of the existing frame members; the effects of the change in the dynamic characteristics of the building; the
connection of the braces to the existing structure; and the use of the bracing system to correct significant strength
and stiffness irregularities in plan and height (Teran et al., 1995).

EXAMPLE OF REHABILITATION OF AN INFILLED NON-DUCTILE FRAME BUILDING

A six-story reinforced concrete (RC) infilled non-ductile frame building (CSMIP Station No. 23544) was selected
to illustrate the use of PT braces. This building has insufficient lateral strength and stiffness, as well as large mass,
stiffness and strength irregularities in plan and height. CSMIP Siation No. 23544 was constructed in 1923, and
has a penthouse, a mezzanine and a basement level. The floor system consists of a 3" thick one-way slab system.
Some of the frames of the building, including the four perimetral frames, are infilled with URM. Figure 3 shows
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plan views of the building while Fig.4 shows the elevation view of 5 frames parallel to the E-W direction. Due
to the inappropriate distribution of the infills in plan and the presence of a mezzanine and a penthouse, large mass
and stiffness eccentricities in plan exist in the E-W and N-S directions; while the irregular distribution of infills
through height produce the existence of a flexible and weak first story (soft story). The sizes of the beams are
fairly constant over height. Columns are square and their size decrease considerably in higher stories. Transverse
reinforcement in the columns is provided by closely spaced spirals. The exact detailing of the longitudinal steel
in beams and columns is not known, but the fact that this building was designed for gravitational loads in 1923
strongly suggests that the frame members may not reach their ultimate or even their yield flexural strength.
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Modelling Considerations

Under cyclic loading beyond cracking, URM infills suffer large degradation of stiffness and strength, and their
viscous damping coefficient usually increases considerably with respect to that of the virgin infill (Klingner and
Bertero, 1981). Because of the above, the large variability of the mechanic characteristics and geometry of the
infills, and the fact that their lateral stiffness and strength are very sensitive to the quality control of the material
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and to workmanship, the analysis of an infilled frame building usually involves a large uncertainty.

At some stage of their lateral behavior, infills usually suffer extensive diagonal cracking which foments the
formation of a lateral load-resisting mechanism based on one or more compression struts. Thus, infills can be
modelled as equivalent struts whose properties may be determined from their lateral force vs. lateral deformation
curves determined experimentally or analytically. Considerations done to model the URM infills with equivalent
struts for the linear and nonlinear analyses reported herein are discussed in Teran et al. (1995). Cracking of the
concrete was accounted for in the estimation of the stiffness of the RC members for the above mentioned analyses.
For planar (2D) nonlinear analyses, a lumped plasticity model was used for the RC members, while for three-
dimensional (3D) nonlinear analyses, a fiber model was used (Teran et al. 1995).

Seismic Performance of the Building Before and After its Rehabilitation

As mentioned before, the quantification of the performance criteria can be made through setting limits to the
maximum IDI demand in the upgraded building. Table 1 shows this quantification, which is discussed in detail
in Teran et al. (1995). Usually, energy dissipation should also be considered in the quantification of the
performance criteria, but in the current case, this was done indirectly through setting drift limits in such a way

that the URM infills are likely to exhibit stable hysteretic behavior. The critical IDI is 0.005 and is associated to
- the performance criteria for the URM infills. Because an adequate performance of the upgraded building depends
on controlling its maximum IDI demand through controlling its lateral displacement, a displacement {8) design
spectra was established simultaneously with a strength (S,) design spectra for the safety limit state. The site
spectra, illustrated in Fig.5, were obtained for a viscous damping coefficient (£) of 0.05 and according to the
guidelines of SEAOC (1993).

Table 1. Quantification of performance criteria for safety

Response Condition: Condition to satisfy Quantification of IDI to
SAFETY performance criteria satisfy performance criteria
State of RC members Elastic Can at least undergo IDI
demands of 0.0035
State of URM infills ' Stable hysteretic behavior | Less or equal ta 0.005
State of PT braces Elastic To be designed
State of nonstructural elements | Pre-collapse Less or equal to 0.0125

Although in the original research work the rehabilitation was carried out in both the N-S and E-W directions
(Teran et al., 1995), in this paper only the behavior in the E-W direction of the building is discussed. The
fundamental mode of translation (T) and the seismic coefficient (S,/g) of the original building in this direction
were estimated as 1.0 sec and 0.14, respectively. Fig.5a shows that a single-degree-of-freedom system (SDOFS)
having a S /¢ of 0.14 and a T of 1.0 sec would suffer a displacement ductility demand, p, of about 4 when
subjected to the design ground motion; while Fig.5b shows that the same SDOFS would have a displacement
demand around 8".

12,8a/g E=0.05 40.04 8 {inch) £ =005
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041
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- Fig.5 Design Spectra

Figure 6 shows the roof displacement (8., vs. base shear (V) curve obtained from a 2D nonlinear pushover
analysis of the original building, while Figs.7 and 8 show floor displacement and IDI envelopes obtained from
a 2D nonlinear time-history analysis of the original building subjected to a ground motion having a seismic input
consistent with that of the design spectra. Note that in Figs.7 and 8, both the negative and positive envelopes are
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plotted in the same side of the displacement or IDI axis. As shown in Fig.7, the maximum 8, demand obtained
from the nonlinear analysis (around 10") is consistent with the & of 8" obtained in the SDOFS on Fig.5b; while
the IDI demands in the lower stories reach values of around 0.02, which as suggested in Fig.8, are too large for
the non-ductile frame members and URM infills to accommodate. Fig.9, which shows how the six floor
diaphragms move relative to each other and to the ground (discontinuous rectangle) according to a 3D nonlinear
pushover analysis, suggests that the building does not exhibit a significant torsional response when loaded in the
E-W direction, and thus that the 2D results may be used to assess the response of the building.
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It was estimated that the maximum ID! demand in the rehabilitated building reaches a value of 0.005
approximately when its 8_ reaches a value of 2.5", which corresponds to a & of about 2" in its equivalent
SDOFS mode! (Teran et al., 1995). Thus, to limit the maximum IDI demand in the building to a value of 0.005,
it is necessary to first reduce the T of the building from 1.0 to about 0.55 sec, as schematically shown in Fig.5b.
Once the maximum T has been set as 0.55 sec, it is possible to determine the design strength by considering that
the braces are designed to remain elastic, and thus that p is equal to 1, as shown in Fig.5a. This yields a S/g of
about (.56 (design V,, of 0.56W, where W is the reactive weight of the building). Note that using design spectra
corresponding to a & of 0.05 is usually conservative, because it neglects the energy dissipation provided by the
infills. The PT bracing system was designed to meet the requirements illustrated in Fig.5. As shown in Figs.3 and
4, braces were located in internal frames to avoid disturbing the architecture of the facades. Each diagonal in Fig.4
represents two braces, which are provided one at each side of the frame members to avoid creating undesirable
loading conditions. Every brace spans two floors and, as shown in Figs.4c to 4e and Table 2, two different type
of braces were used. Braces with bigger cross section were provided in the lower two stories to diminish the
existing strength and stiffness irregularities in height. Initially two brace configurations were considered:
configuration 2, which includes the 5 braced bays in the E-W direction shown in Figs.3 and 4; and configuration
1, which includes only 4 braced bays because the one shown in Fig.4e is eliminated. The braces are made of cable
wire with a minimum yield stress ranging from 140 to 160 ksi, half of which is used for post-tensioning. As
shown in Fig.4, the majority of columns located in Frames B, C and E need to be jacketed to resist the large axial
forces induced to them by the braces, while some beams need to be added to avoid the buckling of the one-way
slab floor system. Also, given the large axial force induced at the base of the columns that support the braces,
the existing basement and foundation need to be modified and upgraded (Teran et al. 1995).

The T corresponding to the upgrade configurations 1 and 2 are 0.70 and 0.62 sec, respectively. Fig.6 shows the
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Table 2. Sizes of the PT braces

Brace type Required area Nominal diameter Provided area
(in?) (in) (in’)
J 52 3 us 5.86
2 2.6 218 2.71

8,00 VS. Vy curves obtained from 2D and 3D nonlinear pushover analysis of upgrade configuration 1. As shown,
the target V, of 0.56W is reached for a &, larger than the target value of 2.5" set for 8, because the actual
T of 0.70 sec is larger than its design counterpart of 0.55 sec. Figures 10 and 11, which were obtained from 3D
time-history elastic analyses, show IDI envelopes corresponding to the end frames (A and F) of the building when
upgrade configurations 1 and 2, respectively, are subjected to a ground motion with seismic input consistent with
that of the design spectra. As shown, both configurations are able to control successfully the maximum IDI
demand to values less than 0.005 while eliminating the formation of the original soft story. Nevertheless, the
difference between the IDI demands of Frame A and F in Figs.10 and 11 suggest that while configuration 2 is
able to control the torsional response of the upgraded building, configuration | can not, specially in the ground
story. Figures 12 and 13, which show floor displacement and IDI envelopes, respectively, obtained from the 2D
nonlinear time-history analysis of configuration ! subjected to the same seismic input mentioned above, shows
that the &, and IDI demands have been controlled within their target design values of 2.5" and 0.005,
respectively, while the deformation demands through height are fairly constant. Figures 12 and 13 strongly suggest
that if the torsional response of the building is not significant, 4 braced bays (configuration 1) should be encugh
to achieve the design goals of the rehabilitation. Nevertheless, as suggested in Fig.10 and shown in Fig.14, which
was obtained from the 3D nonlinear pushover analysis of configuration 1, there is a large torsional response
associated to configuration 1. One last configuration was considered for the bracing system: configuration 3, which
has only 4 braced bays which include all the braced ‘bays shown in Figs.4c to 4e except for the first braced bay
of Frame C. Figure 15, obtained from the 3D nonlinear pushover analysis of configuration 3, shows that for this
case, the torsional effects are practically eliminated. A nonlinear 2D time-history analysis was not carried out on
confi- guration 3, because its response should be very similar to that shown in Figs.12 and 13. Nonlinear 3D time-
history analyses of the upgraded version of the building were not carried out because of the extremely large
computational demands associated to such analysis, and thus, it was not possible to assess in a reasonable way
the simultanecus in-plane and out-of-plane demands (IDI and out-of-plane acceleration, respectively) in the URM

infills.
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CONCLUSIONS AND RESEARCH NEEDS

The rehabilitation of an existing infilled non-ductile building using PT braces is an attractive option. Usually, it
is possible to achieve large and economic increases in the lateral strength and stiffness of the existing building.

The use of PT braces to upgrade infilled non-ductile frames may be limited to low-rise and squat medium-rise

buildings due to the high axial forces that may be induced in the existing columns that in turn create structural

problems that are difficult and costly to fix. The correct rehabilitation of an infilled non-ductile building is Oply

possible if the performance criteria for the upgraded building is defined qualitatively and quantitatively according -
to the mechanic characteristics of the existing structural and nonstructural elements, Because a rational way to

quantify these performance criteria is through setting limits to the maximum drift demands in the builgling, a

displacement- based design procedure should be used simultaneously with the use of design spectra specifically

obtained for the site.
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Considerable research needs to be carried out to clarify several issues of the in-plane and out-of-plane behavior
of URM infills, including the effects of multi-directional loading in their seismic performance and the development
of reliable analytical methods and tools to model their behavior. The comparison of the results obtained from the
elastic and nonlinear analyses of the upgraded building suggests that elastic analyses may be used reasonably well
to estimate the response of infilled frame buildings rehabilitated with PT braces; nevertheless, it is necessary to
develop methods to account for the energy dissipation provided by the URM infills (such as the use of an
equivalent viscous damping coefficient).
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ABSTRACT

Observations after the 1989 Loma Prieta earthquake suggest that older outrigger bridge bents may be
susceptible to damage under three dimensional earthquake mations. In particular, older joints are weak
and brittle and long outrigger beams may have insufficient torsional capacity.

The performance of the existing outrigger knee joint systems was evaluated by testing two half-scale
as-built models. Two upgrade schemes, a ductile and a strong strategy, are proposed and tested on
prototype specimens. Upgrade design guidelines are made using the steel jacket implementation of the
strong upgrade strategy. A combination of displacement and force based design procedures is recom- -
mended to insure that the upgraded outrigger knee joint system satisfies the imposed demands. The
recommendations for detailing the steel jacket upgrade and a set of tools for predicting the performance
of the upgraded outrigger knee joints complete the guidelines‘.

KEYWORDS

Reinforced concrete, Seismic upgrade, Beam-column plastic hinge, Design of confinement, Structural

joint

INTRODUCTION

The urgent need for seismic upgrading of elevated freeways was underscored by the collapses and ex-
tensive damage incurred during the 1989 Loma Prieta earthquake. The California Department of
Transportation (Caltrans) initiated a large research effort aimed at devising an effective and economical
seismic upgrade strategy for the elevated freeway structures built in the 1950°s and 60’s. One com-
ponent of the research effort was the investigation of outrigger beam and knee joint systems found in
elevated freeway bents (Figure 1). The investigation had two principal goals: to evaluate the behavior
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of the existing outrigger knee joint systems under combined transverse and longitudinal loading and to
devise and experimentally verify upgrading strategies suitable for improving the seismic performance of
existing outrigger knee joints [Stojadinovié 95].

[

L | E |
Regular Bent Outrigger Bent

Figure 1: Elevated freeway bents.

Half scale models of typical existing outrigger knee joints were used for experimental evaluation of the
behavior of the outrigger knee joint systems. The model/prototype stress identity similitude require-
ments and the length scale factor of 2 governed the specimen design process. The specimen details and
the material properties were chosen to reflect the features of the elevated freeway structures designed
in the San Francisco Bay Area during 1950's and 1960's.

For testing convenience the specimens were placed in the loading frame in up-side-down position (Fig-
ure 2). The loading pattern was designed to reproduce the overall effects of the earthquake-induced
simultaneous bi-directional horizontal motion as well as the effect of gravity and frame action in the
bent. The loading was applied in a quasi-static manner by controlling the actuator displacements using
a computer. Two types of horizontal displacement patterns were used in the experiments (Figure 2): the
clover-leaf pattern and the cross-and-circle pattern. During an experiment, the specimen was subjected
to a repeated application of the chosen displacement pattern with a gradually increasing magnitude
until failure. The cross-and-circle pattern has the advantage of supplying good planar data as well as
three dimensional response data, but it is very demanding in terms of cumulative ductility.
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Figure 2: Specimen setup and loading patterns.



AS-BUILT SPECIMENS

The performance of existing specimens was established by testing two specimens, one with a long
outrigger beam and the other with a short outrigger beam. The confinement and detailing of the
existing outriggers and knee joints is unsatisfactory. The outrigger beam shear reinforcement consists
of open stirrups closed with U-caps, placed approximately one quarter of the depth of the beam apart.
The longitudinal bars at the bottom of the beam are developed in the knee joint over a length of 20
bar diameters. The joint contains no confining steel, since neither the beam nor the column transverse
steel is extended into the joint.

Diagonal cracking appeared on both as-built specimens during the pre-yield cycles. The combination
of shear and torsion produced a set of inclined diagonal cracks on the sides of thé beam of the long
outrigger specimen. The failure of both specimens occurred soon after yielding of column reinforcement.
The sides of the joint dilated first, followed by splitting of the layer of column bars from joint core on
the exterior face of the joint.

The failure was sudden and brittle (Figure 3). As expected, the unconfined joints were unable to transfer
the cyclic joint shears. The long outrigger beam torsional capacity was also found to be inadequate
due to the lack of closed stirrups. The deficient details of the existing outriggers contribute to the poor
behavior of both as-built specimens.
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Figure 3: Force/displacement behavior of the short as-built specimen.

PROTOTYPE UPGRADES

The seismic upgrade of existing outrigger knee joints has to prevent their catastrophic failure and to
increase their deformation and energy dissipation capacity. The strengthened outrigger knee joints
should behave as well as the rest of the upgraded bridge structure and should be easy to inspect and
repair after an earthquake. Experiments on the as-built specimens show that the elements of the
outrigger knee joint system should be modified to form a stable, ductile, energy dissipating system with
a well-controlled failure mechanism. The damage in the knee joint region should be minimized. Two
upgrade strategies, designed to accomplish these goals, were proposed: the ductile upgrade strategy and
the strong upgrade strategy.

Ductile Upgrade Strategy

The ductile upgrade strategy is designed to increase the stable deformation capacity of the outrigger
system. The ductile scheme hinges at multiple locations causing distributed damage throughout the
specimen. A plastic hinge forms in the column in response to transverse loading. In the longitudinal
direction, hinging occurs in flexure/torsion of the beam.
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A reinforced concrete jacket was used on the prototype ductile upgrade. Two 15 centimeter thick side
bolsters connected with closed stirrups and T-headed through-bars strengthened the beam. The bolster
horizontal reinforcement was wrapped around the outside face of the joint to increase confinement,
arrest joint dilation and prevent the column bar bond-splitting failure observed in the as-built tests.

‘The ductile upgrade prototype behaved as expected, with two distinct plastic hinge zones providing a
high level of ductility and energy dissipation. In addition, the forces transferred to the bridge deck were
minimized. However, the distributed hinging produced a comparatively large amount of distributed
damage, making the upgraded outrigger knee joint system hard to repair after a strong earthquake.

Strong Upgrade Strategy

The strong upgrade strategy was designed to form a stable system with large deformation capacity that
concentrated all damage in the column plastic hinge zone. The column was designed to hinge under
both transverse and longitudinal loads. The knee joint, the beam and the beam/bridge deck interface
were strengthened to the level required to carry the ultimate forces transferred through the column
plastic hinge. It should be noted that the forces transfered to the superstructure are larger using this
scheme than with the ductile upgrade. ‘

The original strong upgrade prototype used steel jacketing made of 12.5mm A36(USA) plate. The jacket
was welded together around the beam and the knee joint, strengthened with threaded through-bars and
injected with epoxy. The column of the prototype system was not altered.

As expected, the prototype strong upgrade developed a plastic hinge in the column. The hinge provided
the plastic rotation capacity necessary for a ductile behavior of the upgraded system. As a consequence
of plastic deformation, virtually all of the damage was concentrated in the column hinge. However, the
jacket anchors at the beam/bridge deck interface failed under longitudinal loading, suggesting the final
upgrade design must take into account the possibility of significant beam weak axis bending.

FINAL UPGRADE DESIGN

The extent of damage caused by multiple plastic hinge zones makes the ductile upgrade strategy less
attractive than the strong upgrade despite its excellent energy dissipation characteristics. The strong
upgrade strategy offers a simple ductile solution applicable to outrigger systems with both short and
long beams. Therefore, the strong upgrade strategy was chosen for the final design of the outrigger knee
joint system upgrades.

Two versions of the final upgrade strategy were tested. A final upgrade employing a post-tensioned
reinforced concrete jacket was tested on one long outrigger specimen. The concrete jacket was made
up of two 22.5 centimeter thick bolsters resembling the ductile upgrade prototype. Post-tensioning was
designed to secure the beam/bridge deck connection and increase the torsional resistance of the beam.

Another final upgrade design (Figure 4), using a 6 mm A572-50{USA) steel plate jacket, was tested on
two specimens, one with a long and the other with a short outrigger beamn. The jackets were welded
together, tied through the middle of the cap beam with one row of threaded through-bars and injected
with epoxy. The anchorage of the beam jacket to the bridge deck was carefully detailed to make cap
beam post-tensioning unnecessary.

The columns of all three final design specimens were upgraded to achieve large curvature ductility while

minimizing the increase in the strength of the column plastic hinge. A grouted cylindrical casing using

3 mm thick A572-50(USA) curved steel plate was placed around the column. The casing was closed

from above and below by four pairs of end-plates. The anticipated rotation of the plastic hinge dictated

a 2.5 centimeter clearance between the beam jacket and the column casing. The shear capacity of the
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Figure 4: Final upgrade strategy implemented using a steel jacket.

as-built column was determined to be sufficient to hinge the column in bending. Therefore, the steel
casing was extended only part-way down the column, along a length determined from the ratio of the
ultimate moment capacity of the column hinge and the yield moment strength of the as-built column.
Aesthetic or constructibility issues may make a full length column jacket more attractive but it is not
needed to achieve the desired system behavior.

The behavior of all three final upgrade specimens was excellent. The strengthened beam and knee joint
were sufficiently strong to concentrate virtually all of the damage in the column hinge region. The
improvement in the behavior achieved by the strong upgrade is evident from the force/displacement
response of the upgraded short outrigger specimen {Figure 5). The specimens maintained significant
strength at large deformation and the loops were broad and not pinched.
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Figure b: Force/displacement response of the upgraded short outrigger.

The reason for the significantly improved global behavior lies in the ductile moment/curvature response
of the upgraded column plastic hinge (Figure 6). Measured response of the upgraded hinge shows stable
behavior up to curvature ductility level of 21 and considerable energy dissipation. This behavior was
achieved by confining the concrete of the hinge cross section using a steel casing. Even though the
casing was quite thin the strains in the casing remained well below yield throughout the experiment.
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Figure 6: Moment/curvature response of the as-built and the upgraded short outrigger specimen.

DESIGN GUIDELINES AND ANALYSIS TOOLS

Design guidelines [Stojadinovié¢ 95] were developed using the information from the experimental and
analytical investigation. The guidelines define the necessary steps to design and implement the strong
upgrade strategy using a steel plate jacket on existing outrigger knee joint systems. The principal part
of the design guidelines is the upgrade design procedure. The procedure has a displacement-based and
a force-based part.

The displacement-based part of the design procedure ensures that the upgraded column hinge has -
sufficient sustained plastic rotation capacity to satisfy the desired outrigger knee joint system drift
demand. The design procedure starts by specifying the drift demand on the outrigger knee joint system.
The curvature ductility demand on the column plastic hinge is computed using a plastic hinge model
under the assumption that all of the system deformation is generated in the hinge zone.

The column hinge confinement is then designed to provide the required curvature ductility. The value
of effective confinement pressure is determined iteratively using moment-curvature information from a
fiber cross section analysis program. The program employs realistic material models [Mander 84] for
unconfined and confined concrete and for the reinforcing steel.

The original section analysis program [Thewalt 94] has been completely rewritten and is now called
called APS (Analysis of Plane Sections). The new program has many enhancements over the original
version, including: (1) decreased memory demands so that the program can easily run on PC computers;
{2) a new solution algorithm that allows for stable force control solution even when multiple stiffness
terms go zero or negative; (3) three user definable normalized tolerances to control stress error, path
deviation error, and convergence error; and (4) an incremental stiffness update on fiber strain reversals
that dramatically improves performance. :

Figure 7 shows how the iterative design process is applied to the column hinge cross section of the short
upgraded specimen by examining the behavior of an extreme core fiber. Confinement is adjusted until
the core concrete does not crush at the desired curvature. The confinement pressure exerted at yield
of the column casing was varied from 0 to 5.5 MPa. The improvement in the stress/strain response of
the extreme concrete core fiber is reflected in the enhancement of curvature ductility and increase in
moment capacity of the column hinge. The dashed line represents the state of the cross section at the
design curvature demand level. The circles on the right graph represent the state of the cross section
when the first fiber of the concrete core is crushed.

Knowing the ultimate capacity of the upgraded column hinge, including effects like strain hardening,
the remaining elements of the upgrade outrigger knee joint system are designed following force-based
procedures. The nominal strength capacities of the remaining elements are designed to satisfy the
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Figure 7: Iterative design of column hinge confinement.

strength demands imposed by the ultimate capacity of the column hinge.

CONCLUSION

The experimental investigation of the as-built outrigger knee joint systems confirmed their vulnerability.
The joint region and the torsional strength of the outrigger beam were found to be the primary weak
links of the system. Seismic upgrading was found to be necessary to avoid the brittle behavior observed
in the as-built tests.

Two upgrade strategies for existing outrigger knee joint systems were proposed and evaluated. The final
upgrade strategy is based on the capacity design principle of concentrating the damage in the column
plastic hinge and strengthening the remaining elements of the outrigger knee joint system. Variations
of the final upgrade design were tested on three specimens and all performed very well.

A demand/capacity procedure for designing the seismic upgrade of existing outrigger knee joints was
developed. The design procedure is based on careful detailing of the column plastic hinge to provide
adequate and sustained plastic rotation capacity. The design procedure, together with several detailing
solutions and section analysis program form a set of design guidelines presented in [Stojadinovié 95).
The final report also investigates issues of how the observed local behavior can be included in simplified
global nonlinear analyses.
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ABSTRACT

A comparison is made of the reversed cyclic behavior of reinforced concrete exterior and knee joints
constructed utilizing conventional reinforcement anchorages and headed reinforcement anchorages. The
comparison is based on the experimental results of two exterior and five knee joint specimens tested as part of
an extensive experimental program. An overview of the experimental study is presented prior to evaluating
the effectiveness of the specimens constructed using headed reinforcement. Behavior of the specimens
constructed using headed reinforcement eased specimen fabrication and concrete placement, as well, the
behavior was as good as, or better than similarly constructed specimens constructed with standard 9¢ degree
hooks. For knee joints, the test results indicate the need to provide transverse reinforcement at the heads to
restrain.

KEYWORDS

Beam-column joints, joints, knee joints, headed reinforcement, T-headed bars, mechanical anchorage,
experimental, cyclic loads, exterior joints, headed rebar.

INTRODUCTION

ACI-ASCE Committee 352 publication ACI 352-9] sets various design guidelines for achieving proper
anchorage of longitudinal bars terminating within a joint. For high seismic zones, load reversals in the joint
can lead to significant bond deterioration along straight bar anchorages; therefore, ACI 352-91 requires that
90 degree hooked anchorages be used when longitudinal reinforcement is terminated within the joint. The use
of hooked anchorages tends to increase steel congestion, making the construction process more difficult. In
addition, geometric limitations often prevent the use of larger diameter reinforcing bars due to construction
limitations arising from lengthy hook extensions and large bend diameters. In these cases, the use of
reinforcement with mechanical anchorages has obvious advantages; however, the use of mechanical
anchorages may produce high local stresses. Therefore, experimental studies of specimens constructed with
mechanical anchorages are needed to assist in the development of design guidelines.
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OBJECTIVES AND SCOPE

The overall research project involved experimental and analytical studies of beam-column joints subjected to
slowly varying, reversed cyclic loads. A total of eighteen beam-column knee joint specimens and two beam-
column exterior joint specimens were tested. The scope of this report is limited to evaluating: (1) joint shear
strength requirements for knee joints and (2) the effectiveness of the specimens constructed with headed bars.
Where possible, the performance of specimens constructed with headed reinforcement is compared with the
test results of similarly constructed specimens in which anchorage within the joint was provided with standard
hooks. Additional information on the studies is available in the following reports (Cote and Wallace, 1994,
McConnell and Wallace, 1994; 1995; Gupta and Wallace, 1996).

OVERVIEW OF ACI-ASCE COMMITTEE 352 REQUIREMENTS

Design requirements for reinforced beam-column joints for typical structures are specified by ACI-ASCE
Committee 352 Report 352-91. Report 352-91 provides guidelines for both “non-seismic" (Type 1) and
“seismic” (Type 2) design applications; emphasis is placed on Type 2 connections within this paper. ACI
352-91 defines a Type 2 joint as a joint that *connects members designated to have sustained strength under
deformation reversals into the inelastic range." Specific requirements for Type 2 joints are reviewed in the
following paragraphs.

ACI 352-91 recommends that the nominal moment strength of the columns be at least 1.4 times the nominal
moment capacity of the adjoining beams to ensure that a majority of the inelastic deformations occur in the
beam rather than the column (to avoid the formation of a *“soft-story"). It is noted that achieving this ratio is
difficult for knee joints; however, this requirement need not be satisfied for knee-joints, because column
hinging is typically no more critical than beam hinging.

The ACI 352-91 requirements for joint shear strength are based on (1):
oV, = rifoh 2V, M

where $=0.85, V,, is the nominal shear strength of the joint, b, is the effective width of the joint, / is the depth
of the column, and y is a factor that depends on the joint type and classification. For a Type 2 exterior and
corner (other) joints, y is taken as 15 and 12 for /%, in psi, and 1.2 and 1.0 for /. in MPa. No specific
recommendations are given for knee joints; therefore, a value of 12 (for f°, in psi) may be used, aithough no
comprehensive studies have been conducted to establish if this is reasonable.

The ACI 352-91 report specifies that the critical section for development of reinforcement should be at the
outside edge of the column core for Type 2 joints. Furthermore, all terminating bars should be hooked within
the transverse reinforcement of the joint using a 90 degree standard hook. The development length should be
computed as:

L, = &, d’,’ in. = ﬂfﬁd—”—, mm 2

75 f. 62251, :

where f, and /' are in terms of psi and MPa for Iy in inches and mm, respectively. The term « represents a
stress multiplier used to account for strain hardening and over strength of the reinforcing bars. A minimum
value of @ = 1.25 is recommended for Type 2 joints. For f. = 4000 psi (27.4 MPa), £, = 60 ksi (420 MPa),
and a= 1.25, the development length is approximately 15.8 bar diameters.

The committee also makes recommendations for providing adequate transverse reinforcement in the form of
spirals or rectangular hoops with crossties for both Type 1 and Type 2 joints. For Type 2 joints, the total
cross-sectional area of transverse reinforcement within the joint in each direction should be:

awﬁ[A f.

7 . 1) > 0095, K <= 3)
yh

A, = 03
A A "
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The center-to-center spacing between layers of transverse reinforcement, s, should not exceed the least of
one-quarter of the minimum column dimension or 4 inches (101.6 mm). ACI 352 requirements were used to
assist in the planning of the experimental research program as well as to evaluate the test results.

EXPERIMENTAL RESEARCH PROGRAM
The overall research program involved testing twenty beam-column joint specimens. A brief description of

the specimens is provided in the following subsections. Design of specimen BCEJ2 was based on
requirements for low seismic regions; therefore, results are not presented.
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Fig. 1. Specimen BCEJ! Reinforcing Details

Specimen Description

Overall dimensions for the exterior and knee joint specimens tested are shown in Figure 1 - 3. For all
specimens, a concrete compressive strength of 4,000 psi (27.6 MPa) and a reinforcement yield stress of
60,000 psi (413.7 MPa) were used for design purposes.

In specimens KJ1-KJ13, hooked beam and column anchorages were provided within the joint as required by
ACI 352-91. In specimens KJ16-KJ18 headed bars were used to anchor both column and beam reinforcement
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Fig. 3. Reinforcing Details for Specimen KJ17

within the joint, whereas in specimens BCEJ1 and BCEJ2 headed reinforcement was used to anchor beam
longitudinal reinforcement. For specimens KJ16-KJ18, the headed anchorages were fabricated by Headed
Reinforcement Canada using a friction welding technique to attach stee! plates to the reinforcement
(Norwegian Tempcore steel). For the reinforcement used in these specimens (16 and 20 mm diameter bars),
the steel plates were approximately 2" x 2" x 1/2" (50 mm x 50 mm x 12 mm). For specimens BCEJ1-BCEJ2,
a tapered, threaded connection provided by ERICO, INC was used to anchor circular plates (diameter = 2.25
in.; thickness = 1.375 in.) to the longitudinal reinforcement. Figures 3 shows the plan and elevation joint
details for KJ17; details for BCEJ1 are provided in Figure 1. A 12 in. (25.4 mm} long beam stub was cast on
either side of the joint to represent the confinement provided by the transverse beams that typically frame into
the joint.

The ratio of the beam flexural strength to the column flexural strength was approximately unity for the knee
joint specimens and 1.65 for BCEJ1. The joint shear demand was approximately 6, 9, and 12 \/fi psi (0.5,

0.75, and 1.0 J}: MPa) for the knee joint specimens KJ1-KJ15, depending on the amount of beam
longitudinal reinforcement. The design joint shear stresses were approximately GJZ psi for specimens

KI16-KJ17, 947, psi for specimen KJ18, and 12yf, psi BCEIL.

The tension development length provided within the joint core slightly exceeded that required for a standard
hook for specimens KJ16 and KJ17, was approximately equal to that required for a standard hook for
specimen KJ18, and was slightly less than that required for a standard hook for specimen BCEJ1 (12.5d,
versus a required length of 15.8 d, ) the compression development length provided was 84%, 67%, and 88%
of that required by ACI 318 Section 12.3 (including a multiplier of 0.8 to account for confinement) for
specimens KJ16-KJ17, KJ18, and BCEJ1, respectively.

Horizontal transverse reinforcement within the joint region for specimens KJ4 and KJ7, and KJ16-KJ18
consisted of #3 (9.5 mm) US Grade 60 hoops with two crossties spaced at 3.5 inches (88.9 mm). Double
leg, inverted, “*U-shaped" stirrups were also provided at a spacing of 3.5 in. (88.9 mm) in KJ4, KJ7, and
K716 to confine the top face of the joint. For specimens KJ17 and KJ18, an additional U-shaped stirrup was
used at the heads to restrain pullout (Fig. 3). For specimen BCEJ], the spacing of transverse reinforcement in
the joint region (hoop and two crossties) was approximately 4 inches (101.6 mm).

The average concrete compressive strengths at the testing date were: 7480, 4765, 5390, 5450, 5540, and
5190 psi (51.6, 32.9, 37.2, 38.2, 35.8 MPa) for specimens KJ4, KJ7, KJ16-KJ18, and BCEJ1, respectively.
It should be noted that the stress-strain characteristics of the US Grade 60 reinforcement differ slightly from
that of the Norwegian Tempcore reinforcement used for specimens KJ16-KJ18 (relatively little strain
hardening occurred in the Tempcore steel), and that stress strain relations are not yet available for the
reinforcement used in BCEJ1. Yield strength of the US Grade 60 longitudinal and transverse reinforcement
used in the knee joints was approximately 65 ksi (44.8 MPa) for all specimens and bar sizes, whereas the yield
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stress was 71 (49.0 MPa) and 77 ksi (53.1 MPa) for the 16 mm and 20 mm bars, respectively, used in
specimens KJ16-KJ18. '

Specimen Testing and Instrumentation

The knee joints were tested in a statically determinate test setup with the column in an upright position. A
schematic of the testing apparatus is shown in Figure 4. With this setup, the axial load in the beam and
column varies in proportion with the applied load. The affects of axial load on member capacity were
included in the specimen design and analysis. The exterior joints were also tested in an upright position
(Figure 5). No axial load was applied to the column.

Instrumentation was used to measure lateral load, lateral displacement, rotations, concrete cover and joint
core strains, and strain in the longitudinal and transverse reinforcement. Reversed cyclic loading was applied
under displacement control. A minimum of two complete cycles were performed at each drift level in all
specimens. The strain in the longitudinal and transverse reinforcement was measured through the use of strain
gages. Several gages were provided along the top beam bars for specimens KJ16-KJ18 to evaluate the
effectiveness of the headed reinforcement.

EVALUATION OF EXPERIMENTAL RESULTS

The primary objectives of this paper are to evaluate the potential of using headed anchorages with beam-
column joint regions; therefore, only selected results from the overall research program are presented, For the
knee joint specimens, a direct comparison between specimens constructed with headed reinforcement and
similarly reinforced specimens where the anchorage within the joint was provided with 90 hooks (referred to
as conventionally reinforced) is available. The conventionally reinforced specimen most comparable to
specimens KJ16 and KJ17 is KJ4; whereas, specimen KJ7 most closely resembles the reinforcement placed in
specimen KJ18. Specimen behavior and performance are discussed in the following subsections. Conclusions
are based on the observed behavior as well as comparative evaluations. Some general results of the overall
research program are presented first, followed by specific observations for the specimens with headed
reinforcement.

Joint Shear Capacity

One objective of the knee joint research program was to evaluate joint shear capacity by varying the amount
of longitudinal reinforcement provided in the beams and columns. Results indicate that if the joint shear

demand is kept below GJZ' psi (O,S\E MPa), then good joint performance was achieved with little

damage observed within the joint (KJ1-KJ4, KJ14-KJ17). Beam flexural hinging was typically observed for
these specimens and good lbad deformation behavior was measured (Fig. 6). For specimens with sufficient
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beam flexural reinforcement to achieve joint shear stresses of 9 to 12\/f_c' psi (0.75 to 1,0‘/}: MPa), the
maximum joint shear stress under closing moments obtained ranged from 7.4 to 9.2\/f_¢' psi (0.62 to

0.77\/_/_': MPa), with an average value of 8‘0\/7; psi (0.67‘/7; MPa). For all of these specimens, the fufl

moment capacity of the beam could not be reached and substantial joint damage was observed. As a result,
somewhat poor overall performance was observed (KJ7, Fig. 7). The horizontal dashed lines in Fig. 6 and 7
indicate the nominal moment capacities of the beam under both positive and negative bending. Due to joint
deterioration, the specimens were unable to achieve the full flexural capacity of the beams. Based on the test
results, beam-column knee joints without transverse beams are not capable of achieving a joint shear level of

124/f. as would be suggested in the Committee 352 report. For a knee joint with 4 adjacent unrestrained

sides (the knee-joints were tested without transverse beams), a v factor of 8 is probably a realistic limiting
value,

Headed Reinforcement Anchorages

Specimen BCEJ1 was designed to meet ACI Committee 352 requirements except that headed reinforcement
was used to anchor the beam top and bottom bars. No other alterations were made, although an attempt was
made to place column hoops in line with the heads of the beam bars to provide additional restraint against
pushout. Experimentally measured moment-rotation behavior (moment at column face versus the rotation
measured over the 24 in. (609.6 mm) of the beam) is plotted in Fig. 8. Excellent behavior was observed, with
little deterioration in flexural strength noted even at 6% lateral drift (note that no axial load was applied to the
columns). Based on the test results, it is apparent that the use of headed reinforcement is a viable alternative
to the use of standard hooks in exterior beam column joints. It is noted that the headed reinforcement was
anchored approximately 13 beam bar diameters into the joint (roughly equivalent to the embeddment required
for a standard hook). It is likely that shorter embeddments could be used as test results on isolated anchors
(Bode and Roik, 1987) indicate that an embeddment of 8 to 10 bar diameters is adequate; however, additional
testing is needed to verify this for bars anchored within a joint region. Pushout of the column cover concrete
did not affect the lateral load capacity of the specimen even though only 88% of the compression development
length was provided.
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Testing of the knee joint specimens with headed bars was conducting in two phases due to the special
problems associated with this joint configuration (four unrestrained joint faces). Specimen KJ16 was
constructed to be essentially the same as the conventionally reinforced spectmens (except with headed bars
replacing the standard 90 degree hooks). Test indicated the need to provide additional reinforcement to
restrain pullout of the beam top bars. Based on the test results for KJ16, additional reinforcing was provided
in specimens KJ17 and KJ18 to restrain the heads of the beam top bars (Fig. 3). The area of the U--stirrups at
the heads of the beam top bars was selected such that the stirrups would be capable of resisting one half of the
total tension force developed in the beam top bars. The resistance provided by the three remaining single U-
stirrups and by the cover concrete were neglected. No additional transverse reinforcement was used in the
column.

The moment-rotation hysteresis loops for specimen KJ17 are plotted in Fig. 9 and indicate that large
ductilities were achieved under both opening and closing moments. For specimen KJ17, the horizontal shear

demand placed on the joint was kept below 64[7 psi (0.54/7, MPa); therefore, good joint behavior was

expected based on the results of the specimens constructed with conventional reinforcement anchorages. For
this joint shear stress level, flexural hinging occurred in the beam adjacent to the column face.

Compared with KJ4 (Fig. 6), the relations for KJ17 reveal that the performance of the specimen constructed
with headed reinforcement is as good as the specimen constructed with conventional reinforcement, Slight
differences are evident in Fig. 6, compared with Fig. 9. These differences include: (1) KJ17 exhibits slightly
greater stiffness than KJ4, probably due to less slip of the reinforcement, and (2) KJ17 achieves slightly lower
flexural capacity than KJ4, likely due to the differences in the strain-hardening characteristics of the bars.

In specimen KJ17, some pushout of the concrete at the back of the joint occurred due to compressive forces
in the beam bottom bars and localized bending of the column bar at the middle of the back face was noted.
However, the concrete spalling and column bending mentioned above did not occur until very high drift
demands {(6%) were imposed on the specimen. This behavior was not evident in specimens KJ16 and KJ18
which were not subjected to such extreme deformation demands, indicating that the provided compression
development length (85% and 67% of the ACI required compression development length for KJ17 and KJ18,
respectively), detailing, and concrete cover are sufficient under the maximum displacement demands
reasonably expected to occur in structural systems,

Specimen KJ18 performed noticeably better than specimen KJ7, which was reinforced using conventional 90
degree hooks. This is primarily due

6000 to less reinforcement slip occurring
] when the headed anchorages are
4000 — used. I?xcesswe anchorage slip
occurred in the top beam bars under
] large displacement demands in KJ7.
g %07 Initial crack formation occurred
_-Z 4 along the straight portion of these
g o bars and eventually extended around
G the bends as the hook extensions
9 pushed outward on the concrete
-2000 — cover at the back of the joint.
-4000 —
-6000 T T T T 1 T 17 L AR I B e B N S
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Beam Rotation measured 24" from the face of the column face .

Fig. 8. Beam Moment vs. Rotation: BCEJ1
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CONCLUSIONS

Results of a experimental and analytical study of knee and exterior joints was summarized and ACI
Committee 352 recommendations were assessed. Based on this study, the following conclusions were

reached: (1) The joint shear strength value implied for knee joints in ACI 352-91 (12 JZ psi; 1.0\/7; MPa)
is unconservative for the case where no transverse beams are provided. Based on test results, a limiting value

of 84/ f. psi (0.67Jf7 MPa) should be used. (2) The use of headed reinforcement in exterior beam-column

joints is a viable option and presents no significant design problems. (3) Performance of beam-column knee
joints constructed with headed reinforcement performed as well as similar specimens with 90 degree hooks;
however, additional transverse reinforcement may be needed to ensure that the heads are adequately
restrained against pullout. (4) The use of headed reinforcement allows for easier construction by alleviating
congestion of joint reinforcement, and thus easing concrete placement.
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ABSTRACT

Recent earthquakes in the United States (1989 Loma Prieta and 1994 Northridge) and Japan (1995 Hyogo-
ken-Nanbu) have clearly demonstrated the need to rehabilitate (retrofit) vulnerable buildings. On the West
Coas! of the United States, vulnerable construction generally predates the mid 1970’s, although there exist
many more modern buildings requiring retrofit. Such rehabilitation in the United States has been hampered by
the lack of guidelines and commentary for design professionals and building officials.

Guidelines and commentary for the seismic rehabilitation of buildings are now being developed in the United
States with funding from the Federal Emergency Management Agency (FEMA). The project will be com-
pleted in 1997. One key component of the project 1s incorporating provisions for supplemental damping sys-
tems. This effort is timely because damping hardware is now being proposed for seismic rehabilitation,

This paper describes the means by which energy dissipation hardware is classified for analysis purposes, and
outlines modeling and analysis procedures being developed for use with energy dissipation systems. Recom-
mendations for further study are also described.

KEYWORDS

analysis; damping; energy; nonlinear; pushover; rehabilitation; seismic.

INTRODUCTION

Seismic framing systems must be capable of absorbing and dissipating energy in a non-degrading manner for
many cycles of substantial deformation. In modern conventional construction, energy dissipation occurs in
plastic hinge zones in members of the structural frame that routinely form part of the gravity load resisting
system. Such energy dissipation is accompanied by substantial nonlinear response (characterized by ductility)
and constitutes damage to the seismic framing system. As evinced by experiences following the 1994
Northridge earthquake, structural damage is often difficult and expensive to repair following an earthquake.
Older construction is generally characterized by little to no ductility, rapid stiffness and strength degradation
following yielding, and poor energy dissipation characteristics.

Recent earthquakes in the United States (1989 Loma Pricta and 1994 Northridge) and Japan (1995 Hyogo-

ken-Nanbu) have clearly demonstrated the need to retrofit vulnerable buildings. On the West Coast of the
United States, vulnerable construction generally predates the mid 1970’s, although there exist many more
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modern buildings requiring retrofit.

One major goal of seismic rehabilitation is to limit deformations to protect the older construction from dam-
age, that is, to prevent substantial nonlinear response in the older; nonductile framing elements. The designer,
using conventional construction such as reinforced concrete shear walls and steel braced frames, has the

. objective of forcing the seismic energy dissipation (damage) into the new, ductile elements. The drawback to
this strategy is that many of the new elements may be substantially damaged following an earthquake. This
damage may be difficult and expensive to repair.

The objective of adding damping hardware to existing construction is to dissipate much of the earthquake-
induced energy in disposable elements not forming part of the gravity framing system — thus permitting
easy, and relatively inexpensive, replacement (if necessary) following an earthquake. As such, the implemen-
tation of damping hardware is conceptually attractive for seismic rehabilitation. However, the absence of
guidance and resource material has hindered the use of such hardware.

Widespread seismic rehabilitation of older construction in the United States has been hampered by the lack of
guidelines for design professionals and building officials. This lack of resource material is being rectified by
the preparation of guidelines and commentary for seismic rehabilitation — a project widely known as ATC-
33. This national project is being funded by the Federal Emergency management Agency. One key component
of Project ATC-33 is to develop procedures for the implementation of supplemental damping systems.

This paper is loosely based on the commentary to the guidelines that the authors developed for the 75 percent
submittal for Proiect ATC-33. The paper describes the means by which damping (energy dissipation) hard-
ware is classified for analysis purposes, and outlines modeling and analysis procedures being developed for
use with damping systems. Gaps in current knowledge are identified at the end of the paper.

Much experimental research has been conducted on the use of supplemental damping hardware for new and
retrofit seismic construction. This research is not described in the paper. The reader is referred to Aiken
(1990, 1993), Bergman (1993), Chang (1991), Constantinou (1993), Reinhorn (1993), and Whittaker (1989)
for detailed information.

CLASSIFICATION OF SUPPLEMENTAL DAMPING SYSTEMS

On the basis of their behavior, passive supplemental dampers are classified in the ATC-33 Guidelines and

. Commentary (ATC, 1995) as hysteretic, velocity-dependent, or other. Examples of hysteretic systems include
devices based on yielding of metal and friction. Figure 1 shows sample force-displacement loops of hysteretic
dampers. Examples of velocity-dependent systems include dampers consisting of viscoelastic solid materials,
dampers operating by deformation of viscoelastic fluids (e.g., viscous shear walls), and dampers operating by
forcing fluid through an orifice (e.g., viscous fluid dampers). Figure 2 iilustrates the behavior of these veloc-
ity-dependent systems.

Other systems have characteristics which cannot be classified by one of the basic types depicted in either Figs.
1 or 2. Exampies are dampers made of shape memory alloys, frictional-spring assemblies with recentering
capabilities and fluid restoring force/damping dampers. For information on these dampers, the reader is
referred to ATC (1993), EERI (1993) and Soong and Constantinou (1994), Only hysteretic and velocity-
dependent dampers are discussed in this paper.

Some types of supplemental damping systems can substantially change the force-displacement response of a
building by adding strength and stiffness. Such influence is demonstrated in Fig. 3 for metallic-yielding, fric-
tion, and viscoelastic dampers. Note that these figures are schematic only and that the force-displacement
relation for the central figure assumes that the framing supporting the friction dampers is rigid. Viscous damp-
ing systems will generally not substantially change the force-displacement response of a building.
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CHARACTERIZATION OF SUPPLEMENTAL DAMPING SYSTEMS

For the purpose of this discussion, damping systems are classified as either hysteretic or velocity-dependent.
The following discussion provides information on the characterization of individual dampers for use in mod-
eling and nonlinear analysis.

Hysteretic Dampers

Hysteretic damipers exhibit bilinear or trilinear hysteretic, elasto-plastic or rigid-plastic (frictional) behavior,
which can be easily captured with structural analysis software currently in the marketplace. Details on the
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modeling of metallic-yielding dampers may be found in Whittaker (1989); the steel dampers described by
Whittaker exhibit stable force-displacement response and no temperature dependence. Friction devices are
described by Aiken (1990) and Nims {1993); the devices tested by Aiken and Nims responded with box-like
hysteresis and no temperature dependence.

Velocity-Dependent Dampers

Solid viscoelastic dampers typically consist of constrained layers of viscoelastic polymers. They exhibit vis-
coelastic solid behavior with mechanical properties dependent on frequency, temperature and amplitude of
motion. A force-displacement loop of a viscoelastic solid device under sinusoidal motion of amplitude Aq
and frequency ® is shown in Fig. 4a. The force in the damper may be expressed as:

where K,z is the effective stiffness, C is the damping coefficient, and A and A are the relative displacement
and relative velocity between the ends of the damper, respectively. The effective stiffness of the damper is cal-
culated as:

IF'| +|F]|

Ke = N (2)
g Agl + AOI

where F' and F are the forces in the damper at damper displacements Ag and Aq, respectively. The damp-
ing coefficient (C) is calculated as:

Wn :
C=— (3)
nwAO

where Wp is the area enclosed within the hysteresis loop. The effective stiffness is also termed the storage
stiffness (K”). The damping coefficient C is often defined in terms of the loss stiffness ( K” ) as follows:

» Force (F) Force (F)

P A Ken

Ag
Displacement (A)

Displacement (A)

a. Viscoelastic damper b. Viscous damper

Fig. 4.  Parameter definition for velocity-dependent dampers

— K”

iy (4)
Parameters X, ¢ and C are dependent on the frequency, temperature and amplitude of motion; the frequency
and temperature dependence of viscoelastic polymers generally vary as a function of the composition of the
polymer (Bergman, 1993). Modeling of viscoelastic solid behavior over a wide range of frequencies is possi-
ble by use of advanced models of viscoelasticity (Kasai, 1993). Simpler models such as the standard linear
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solid model (a spring in series with a Kelvin model), which can be implemented in commercially-available
structural analysis software, are capable of modeling behavior over a small range of frequencies, which will
generally be satisfactory for most rehabilitation projects.

Fluid viscoelastic devices which operate on the principle of deformation (shearing) of viscoelastic fluids
(ATC, 1993) have behavior which resembles that of solid viscoelastic devices. However, fluid viscoelastic
devices have zero effective stiffness under static loading conditions. Fluid and solid viscoelastic devices are
distinguished by the ratio of the loss stiffness (K”) to the effective or storage stiffness (K”). This ratio
approaches infinity for fluid devices and zero for solid viscoelastic devices as the loading frequency
approaches zero. Fluid viscoelastic behavior may be modeled with advanced models of viscoelasticity
(Makris, 1993). However, for most practical purposes, the Maxwell model (a spring in series with a dashpot)
can be used to model fluid viscoelastic devices.

Pure viscous behavior may be produced by forcing fluid through an orifice {(Soong and Constantinou, 1994;
Constantinou, 1993). The force output of these devices (Fig. 4b) has the general form:

, U .
F = Coldl sgn () 5)

where A is the velocity, o is an exponent in the range of 0.1 to 2.0, and sgn is the signum function. The sim-
plest form is the linear fluid damper for which the exponent is equal to 1. In this paper, discussion on fluid vis-
cous devices is limited to linear fluid dampers; for a detailed treatment of nonlinear fluid dampers, the reader
is referred to Soong and Constantinou (1994)

ANALYSIS AND MODELING PROCEDURES

Two analysis procedures have been developed for the implementation of supplemental damping systems. To
date, only procedures for simplified nonlinear analysis (also known as pushover analysis) and nonlinear
dynamic analysis have been drafted for Project ATC-33. Simplified elastic analysis procedures are not yet
available. The application of the nonlinear static analysis procedure, to the design of different damping sys-
terns for the seismic rehabilitation of buildings, is described below. The reader is referred to the list of refer-
ences at the end of this paper, and the literature in general for information on nonlinear dynamic analysis.

A discussion on modeling supplemental dampers for the purpose of nonlinear static analysis follows the
description of the nonlinear static analysis procedure.

Nonlinear Static Analysis Procedure

The purpose of this procedure is to evaluate the response of a rehabilitated building by a procedure which is
simpler than nonlinear response history analysis but more realistic and comprehensive than linear elastic anal-
ysis. The simplified nonlinear analysis procedure may be used for the analysis of rehabilitated buildings
incorporating supplemental dampers provided (a) the building with the energy dissipation devices is classified
as regular in plan, (b) biaxial effects in framing members that resist seismic forces in orthogonal directions are
appropriately accounted for, and (c) the fundamental modal mass in each principle translational direction
exceeds 80 percent of the total mass in that direction.

In the nonlinear static analysis procedure the structure is represented by a two-or-three-dimensional mathe-
matical model which accounts for all important response characteristics, including those of the supplemental
damping system. (The supplemental damping system is composed of the dampers and the structural members
that transfer forces between the dampers and the remainder of the seismic framing system.) Lateral loads are
applied in a predetermined pattern and the structure is incrementally pushed to a target displacement (D). A
force-displacement relation for the building is thereby developed. Typically, the force variable is base shear
and the displacement variable is roof displacement. The target displacement is established by analysis of the
seismic hazard. In Project ATC-33, the seismic hazard is characterized by a 5-percent damped response spec-
trum. Further, the calculation of the target displacement is based on the assumption that for periods greater
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than approximately 0.5 second (for a rock site), displacements are preserved in a mean sense, that is, mean
elastic displacements are approximately equal to mean inelastic displacements. (Note that the degree of scat-
ter in the ratio of elastic and inelastic displacements may be substantial.)

The reader is referred to ATC {1995) and the literature for additional information on nonlinear static analysis.

Modeling Supplemental Dampers

Hysteretic Dampers. Hysteretic energy dissipation devices should be explicitly modeled by bilinear, elasto-
plastic or rigid-plastic elements for nonlinear static analysis. There are no rigorous procedures for the linear-
ization of hysteretic dampers. The mathematical model of the rehabilitated building should include all impor-
tant characteristics of the hysteretic dampers and their supporting framing. The fundamental period of this
model should be used to estimate the target displacement.

Velocity-dependent Dampers. The only velocity-dependent dampers currently considered for seismic rehabil-
itation applications are viscoelastic and viscous dampers. Accordingly, only these types of velocity-dependent
dampers are discussed in this section.

Viscoelastic dampers exhibit effective stiffness which is generally dependent on frequency of motion, ampli-
tude of motion, and temperature. Viscoelastic devices should be modeled for the purpose of nonlinear analy-
sis as either linear or nonlinear springs representing the effective stiffness of the device at a fixed temperature
and frequency. Multiple analyses using different temperature-based effective stiffnesses should be undertaken
to address the temperature dependence of the viscoelastic material. The effective stiffness calculation should
be based on an excitation frequency equal to the inverse of the effective period of the rehabilitated building
(including the viscoelastic dampers) at the target displacement.

The mathematical model of the rehabilitated building must include the stiffness characteristics of the vis-
coelastic dampers and their supporting framing. The fundamental period of this model should be used to esti-
mate the target displacement from a response spectrum that is modified from the 5-percent spectrum to
account for the viscous damping provided by the dampers.

Modification of the spectral displacement demand is a key step in the analysis process. The first mode damp-
ing (&) provided by the viscoelastic dampers can be estimated as follows. The energy dissipated (Wp, ) in one
cycle of loading to the target displacement can be estimated as:

2112

2 2
Wp = TGEZCJ-A,,-(COSGJ) (6)

where G; is the damping coefficient of damper j, §; is the angle of inclination of damper j to the horizontal,
A,; is the relative axial displacement of the ends of damper j at the target displacement (D), T,y is the effec-
tive fundamental period of building at the target displacement, and the summation extends over all dampers.
This calculation is iterative because the target displacement is a function of the damping provided by the vis-
coelastic energy dissipators.

The first mode damping provided by the viscoelastic dampers can be estimated as:

: I(WD} @
- Mk’
where Wp is calculated per eq.‘ (6), and K is the effective stiffness of the rehabilitated building at the target
displacement (D). The modal damping ratio used to calculate the target displacement is then calculated by
adding (a) the first mode damping provided by the viscoelastic dampers, and (b) the structural damping in the

building frame — typically assumed to be 5 percent of critical. This iterative procedure is complete when the
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modal damping ratio used to calculate Wj, is approximately equal to the modal damping ratio calculated fol-
lowing the subsequent evaluation of eq. (7).

The member forces calculated from the nonlinear static analysis do not include the viscous forces developed
in the viscoelastic dampers. Separate analysis should be performed to capture the viscous forces. The reader is
referred to ATC (1995) for further information.

Fluid viscous dampers do not exhibit stiffness unless the excitation frequency is high. As such, the model of
the rehabilitated building need not include such dampers for the purpose of nonlinear static analysis — the
viscous dampers serve only to improve the energy dissipation characteristics of the rehabilitated building. The
fundamental period of the mathematical mode! should be used to estimate the target displacement from a
response spectrum that is modified from the 5-percent spectrum to account for the damping provided by the
viscous dampers. If the response of the viscous dampers is temperature dependent, multiple analyses will be
required to capture the maximum force output and minimum energy dissipation of the dampers.

Modification of the spectral displacement demand is a key step in the analysis process. The first mode damp-
ing ratio (£ ) provided by the viscous dampers can be estimated by calculation of the energy dissipated (Wp )
by all of the dampers in the building, in one cycle of loading to the target displacement, as follows:

Wp = 7 ﬂZCoJAr, (cosB))’ (8)

where C; is the damping coefficient of damper j, the summation extends over all dampers, and all other
terms are as defined above. This calculation is iterative because the target displacement is a function of the
damping provided by the viscous dampers.

The remainder of the procedure for viscous dampers is virtually identical to that described above for vis-
coelastic dampers and is not repeated here. Following convergence of the procedure, the effects of forces in
the viscous dampers must be included in the calculation of the maximum frame forces. The reader is referred
to ATC (1995) for more information.

SUMMARY AND CONCLUSIONS

Recent damaging earthquakes have demnonstrated that substantial earthquake risk mitigation can only be real-
ized in the United States through rehabilitation of the vulnerable building stock. This effort will be made eas-
ier by the publication and promulgation of the ATC-33 Guidclines and Commentary (ATC, 1995). A key ,
component of the ATC-33 project is the development of guidelines for the implementation of hysteretic and
velocity-dependent damping hardware. This paper has been based in part on the authors’ work on the ATC-33
project. Background information on selected types of damping hardware, and guidance on modeling dampers
and the use of nonlinear static analysis for seismic rehabilitation has been presented. Similar procedures can
be used for new constructjon.

The authors” research work in the field of supplemental damping, and activities associated with Project ATC-
-33, have identified substantial gaps in the knowledge base. Such gaps include (a) a poor understanding of the
interaction between hysteretic and velocity-dependent damping, (b) the lack of simplified elastic procedures
for the implementation of supplemental dampers in new and retrofit construction, (¢) inadequate verification
of the nonlinear static analysis procedure, and (d) a paucity of information on optimal distributions of supple-
mental dampers. It is recommended that these gaps in our knowledge be the subject of focused research in the

near future.
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ABSTRACT

This paper presents the analytical studies of pre-Northridge earthquake welded beam-to-column connections
used in typical moment-resisting steel frames. This paper assumes no defects in welding material, welding
procedure, and workmanship. The purpose of these studies is to give explanations on both fracture locations
and failure modes of aforementioned connections in rational ways. The stress concentration at the juncture of
welded beam flange and column flange is analyzed by three-dimensional elastic-plastic finite elements. The
result clearly explains why the weak beam flange breaks off right at the weld due to triaxial actions in that
region with no apparent yielding. The effect of backing bar in connection failure is analyzed next by fracture
mechanics methods. The unfused backing bar surface next to the column flange is interpreted as an artificial
crack. Flange tension by bending of beam opens the artificial crack and initiates the rupture. The stress intensity
factors at the artificial crack tips of both top and bottom backing bars are calculated by the J-integral method.
The result explains why the rupture mostly started at the bottom flange but not at the top flange. Finally, the
analytical cyclic load-deflection curves are compared with the SAC! full-size specimens tested at UC Berkeley.
Good agreements between the analytical results and the experimental tests conclude the paper.

KEYWORDS

Steel moment-resisting connection, brittle failure; backing bar; fracture mechanics; nonlinear finite element
analysis; stress intensity factor; J-integral; cyclic test; hysteresis.

INTRODUCTION

Before the 1994 Northridge earthquake, steel moment-resisting frames (MRFs) were considered ductile by en-
gineers. The dream was broken suddenly after the earthquake. Many brittle failures were reported throughout
the greater Los Angeles area (Youssef et al, 1995). A typical welded beam-to-column moment resisting con-
nection 1s shown in Fig. 1. The top and bottom fianges of the beam are welded directly to the column by full
penetration groove welds. The beam web is bolted or welded to a shear plate, which is attached to the column by
welding. The most serious rupture modes of such connections are shown in Fig. 2. The failure modes are catas-
trophic because they fracture at extremely high speeds without exhibiting prior ductile behavior. This violates
the precept of the ductile MRF. This paper is based on a report by the authors (Yang and Popov, 1995).

'SAC is an acronym for Structura! Engineers Association of California, Applied Technology Council, and California Universities
for Research in Earthquake Engineering.
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Figure 3. Simple tensile test of steel specimens with the same critical
cross section area: (a) cylindrical bar, and (b) grooved cylindrical bar.
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PROPERTIES OF STRUCTURAL STEEL

The stress-strain curve of a small diameter uniform cylindrical steel bar ({(a) in Fig. 3) loaded longitudinally to
failure, will be ductile (curve (a) in Fig. 3). A small diameter bar of uniform cross-section is not restrained in the
lateral direction, and allows Poisson contraction, which leads to specimen necking down and the development
of shear slip layers (Lueders lines) during failure. However, for a cylindrical bar with a groove or notch, such as
bar (b) in Fig. 3, even though the cross sectional area at the groove is the same as bar (a), the tensile stress-strain
curve is completely different. When loaded in tension, the grooved part will have the largest stress, due to the
constraint of the larger sections outside the groove, no lateral contraction or shear flow can develop at the groove.
The failure of bar (b) is caused by triaxial action resulting in a brittle failure with no apparent yielding. Its stress-
strain curve is similar to curve (b) in Fig. 3 (MacGregor, 1931). It can be seen in Fig. 1 that the welded beam
flange cannot be deformed in both x and y directions because it is welded to a large column flange with continuity
plates. The welded beam-to-column connection is essentially like a grooved bar except with a different shape.

Another important fact regarding the mechanical properties of today’s steel is that the yield strength of A36
steel is no longer 36 ksi. The average yield strength of A36 steel is about 48 ksi, the ultimate strength of A36
steel is about 70 ksi. The misleading ASTM requirement for minimum strength with no specified maximum
results in a melee of actual strengths in use of which the designer is unaware. This prevailing condition makes
it impossible to design rationally.



Table 1: Four possible failure types of a steel MRF connection.
Failure Type Minimum Capacity Failure Mode

1 CiorC? beam flange or shear plate rupture
2 Coor C§ fracture through column web or divot pullout from column flange
3 ct buckling of beam near connection and formation of plastic hinge
4 ce buckling of column near connection and formation of plastic hinge
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Figure 4: Detail of the SAC PN specimens.
DESIGN STRATEGY

The most essential characteristic of the MRF is the requirement that plastic hinges be formed near connections
during severe loading conditions. These plastic hinges provide strength and ductility to dissipate energy hys-
teretically. As it is impossible to develop large plastic deformation right at the beam-column weld location,
the plastic hinges can only be formed at the beam or column section near the connection. The possible failure
modes at the connection are given in Table 1. The subscripts m, v and cr are the moment, shear and local buck-
ling capacity of the member, respectively. The superscripts b and ¢ are used to designate beam and column,
respectively. The actual resisting capacity of a connection is controlled by the minimum of these six values.
The minimum resisting capacity is based on the failure type. In Table 1, Types 1 and 2 correspond to sudden
brittle fractures and should be avoided. By developing plastic hinges near the connections, Type 3 and 4 mech-
anisms assure good strength and ductility. For beam flange connections welded directly to the column flange,
the resisting capacity C? is always smaller than the ultimate moment capacity of the beam. Therefore, in order
to develop a Type 3 mechanism, either cover plates or a non-compact beam section must be used.

THREE SAC PRE-NORTHRIDGE SPECIMEN TESTS

In order to help understand the strength and ductility of the welded moment resisting connections, three speci-
mens have been fabricated according to the standards used before the 1994 Northridge earthquake. These were
tested at UC Berkeley under the guidance of the SAC Joint Venture. The dimensions and and connection detail
of these specimens are shown in Fig. 4, Cyclic loads are applied to the beam tip by an actuator. During fab-
rication of the specimens, two A572-Gr50 beams were erroneously used for the first two specimens PN1 and
PN2. The third specimen PN3 was made correctly. The material properties of these three specimens based on
mill certificates are given in Table 2. Notice that the yield strength of these specimens is much higher than the
ASTM minimum. The test results of these specimens are shown in Table 3.
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Table 2: Material properties of the SAC Joint Venture PN specimens.

Specimen Number Material Size & Spec  Yield Strength F,  Ultimate Strength /,,
PN1, PN2 & PN3 Column W14x257 A572-Gr50 53.5ksi 72.5 ksi
PN1 & PN2 Beam W36x 150 A572-Gr50 62.6 ksi 74.7 ksi
PN3 Beam W36x 150 A36 56.8 ksi 68.7 ksi

Table 3: Test results of the SAC Joint Venture PN specimens.

Specimen Load Displacement Displacement Post-yield Date &
Number (kips) Total (inches) Beam (inches) cycles  Temperature

PN1- Pyaa 154 131 1.15 4% 02/09/95
Prear 225 2.91 2.63 60° F

PN2- Pyiota 153 1.34 L1 11 02/16/95
Ppear 201 1.94 1.71 50°F

PN3- Pyag 138 1.12 1.02 4% 02/28/95
Prear 199 3.02 2.88 60°F
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¥ ™ Figure 6: Finite element mesh for SAC Pre-

Figure 5: Photograph of SAC specimen PN1 after ~ Northridge PN connection. Only one half of the
test. specimen is modeled.

Since the beams of three SAC specimens have compact sections and are made of strong material, the failure
modes are of the rapid fracture type. The cracks in the PN1 and PN2 specimens initiated at the center of the
bottom beam flange-column juncture. The crack rapidly propagated through the column flange and forked out
into two cracks in the column web {Fig. 5). The fracture patterns in PN1 and PN2 were similar except that the
post-yield cycles developed by PN2 were smaller. Specimen PN3 had a different fracture pattern. The crack
initiated at the center of the bottom beam flange-column juncture, then fractured the entire bottom beam flange.
All three specimens performed unsatisfactorily and failed in abrupt fractures.

NONLINEAR FINITE ELEMENT ANALYSIS

The stress distribution in the SAC specimens were modeled on eight-node brick elements using the ABAQUS
finite element package (Hibbitt ezal,, 1994). Part of the element mesh is shown in Fig. 6. The material properties
used in the finite element model are based on the Mill Certificates as given in Table 2. The material properties
were modeled by von Mises yield criterion with associated plastic flow.

To simulate the experimental loading condition, the same imposed beam tip displacements were used in the
finite element computations. The experimental and analytical hysteresis loops for the SAC PN1 specimen are
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Figure 7: (a) Experimental and (b) analytical hysteresis loops of SAC PN1 specimen.

presented in Figs. 7. Analytical results for SAC PN2 were similar as the design of this specimen was identical
to SAC PN1 specimen. The hysteresis loops for SAC PN3 were similar, but were somewhat wider, since this
specimen had a beam of A36 steel,

A perspective view of the connection stress distribution is shown in Fig. 8. The highest stressed spots are at the
beam flange weld and in the panel zone. The material yielding in the panel zone starts at the center and then
gradually expands outward. During the test, the whitewash was continuously breaking off in the panel zone.
The SAC PN1/PN2 stress distributions for the bottom beam flange along the line of groove weld are shown
in Fig. 9. Curves shown are for beam tip loads of 21, 41, 62, 82, 103, 117, 142, 200, and 225 kips. Shearing
stresses are not shown because their values are small. -

THE EFFECT OF THE BACKING BAR

If the backing bar has not been removed after welding, the unfused interface between the backing bar and the
column flange acts as a fine crack (Fig. 10). Theories for analyzing the stress field near cracks are now well-
established (Irwin, 1956). For a crack aligned in the y direction, K is the stress intensity factor (SIF), and is a
function of , @ in the cylindrical polar coordinates of a point with respect to the crack tip. Each case is charac-
terized by the SIF having a spatial distribution of stresses. The unstable fracture occurs when the SIF X at the
crack tip reaches a critical value K. To prevent a fracture failure, the computed SIF X must be less than the
critical SIF, or fracture toughness, K. The “artificial crack” between the unfused backing bar and the column
flange can be characterized as an edge crack. Tension in a beam flange due to bending opens the crack.

In order to evaluate the SIF at the connection, the backing bars together with the artificial cracks mentioned
previously are introduced in the finite element model (see Fig. 6). The J contour integrals along the top and the
bottom backing bar crack tip were evaluated following the formulation by Rice (1968). The available critical
SIFs for the 1.5-in.-thick A572 Grade 50 specimens were used to approximate the critical SIFs for A572 Grade
50 steel used in the model (Novak, 1976). The approximate equivalent K; values from the computed J values
for the top and the bottom backing bars for PN1 and PN2 are shown in Fig. 11. In the figures, K; values are
plotted against beam width and analysis steps. It can be seen that the largest X; occurs at the center of the beam
flange-backing bar juncture. If the connection fractures, it will start at the point with the largest SIF.

It is instructive to re-plot the largest SIF vs. the applied tip load (see Fig. 12). The growth of K; due to cyclic
load can be seen. The most interesting finding in the figure is that the bottom backing bar K ; at any given time
is larger than that of the top backing bar. This clearly explains why most of the connection fractures during the
Northridge earthquake initiated at the bottom backing bar. The SAC PN1 and PN2 specimens are theoretically
identical, but the PN1 specimen sustains more cycles of loading than PN2. One of the explanations for this is
the different temperature. PN2 was tested on a cooler day. The low K. value at the lower temperature meant

PN?2 fractured earlier.
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