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ABSTRACT

Recommended load factors and load combinations are presented which are compatible
with the loads in the proposed 1980 version of American National Standard A58, Building
Code Requirements for Minimum Design Loads in Buildings and Other Structures. The load
effects considered are due to dead, occupancy live, snow, wind and earthquake loads. The
load factors were developed using concepts of probabilistic limit states design which
incorporate state-of-the-art load and resistance models and available statistical information.
Reliabilities associated with representative structural members and elements designed
according to current (1979) structural specifications were calculated for reinforced and
prestressed concrete, structural steel, cold-formed steel, aluminum, masonry and glued-
laminated timber construction. The report presents the rationmale for selecting the criterion
format and load factors and describes the methodology to be followed by material specification
groups for determining resistance factors consistent with the implied level of relfabiliry
and the statistical data. The load factors are intended to apply to all types of structural

materials used in building construction.

Key words: Aluminum; buildings (codes); design (buildings); concrete {prestressed);
concrete (reinforced); limit states; loads (forces); masonry; probability theory;
reliability; safety; specifications; standards; statistical analysis; steel;

structural engineering; timber.
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EXECUTIVE SUMMARY

American National Standard Committee A58 periodically issues revisions to ANSI Standard
A58 - "Building Code Requirements for Minimum Design Loads in Buildings and Other Structures."
This document defines magnitudes of dead, live, wind, snow and earthquake loads suitable
for inclusion in building codes and other regulatory documents. The A58 Standard Committee
is a broad-spectrum group of professionals from the research community, building code
groups, industry, professional organizations and trade associations. Their approval of a
proposed standard signifies that a consensus of those substantially concerned with its
scope and provisions has been reached, in that affected parties have had an opportunity to
comment on the standard prior to its implementation and opposing points of view have been
treated fairly.

The A58 Standard is concerned solely with structural loadings. The gpecification of
specific allowable stresses or design strengths for materials of construction is outside
its scope. The current version of the A58 Standard, ANSI A58.1-1972, is being revised,
with a tentative approval and publication date set for 1980.

This report addresses itself to changes to the A58 Standard which may occur sub§equent
to the 1980 revision. Its purpose is to develop a load criterion, including load factors
and load combinations, which would be suitable for limit states design with different
materials and methods of construction. The current standard already contains a set of
load combinations and probability factors for allowable stress design. This Executive
Summary is presented to review briefly the conclusions of the main report, giving an
overview of the recommendations and a concise rationale for their development.

Objectives:

1) To recommend a methodology and set of load factors and corresponding load definitions
for use in the A58 Standard which would be appropriate for all types of building materials
(e.g., structural steel, reinforced and prestressed concrete, heavy timber, engineered
masonry, cold-formed steel, aluminum) and, in the future, for building foundations; and

2) To provide a methodology for the various material specification groups to select
resistance factors (¢) consistent with these load factérs and their own specific objectives.
Rationale:

Structural design is a complex process i1nvolving iterative cycles of analyzing the

performance of idealized structures. Each analysis cycle involves the checking of subassemblies,
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members, components and connections against various limit states* defined in a structural
specification dealing with the particular structural material. Typically this checking
process involves satisfying a design criterion of the general form:

Factored Resistance > Effect of factored loads.
In the common case where the total load effect is a linear combination of individual loads,
n
z

SR>

o1 14

In this formula the left side reflects the resistance (capacity) of the structural element
under consideration, and the right side denotes the forces which the element is expected
to support during its intended life (load effects). The term Rn is a nominal resistance
corresponding to a limit state (e.g., maximum moment which can be carried by a cross
section, buckling load, shear capacity), and ¢ is the "resistance factor," which is less
than unity and which reflects the degree of uncertainty associated with the determination
of the resistance. The sum yQ is the product of the "load effect" Q (i.e., the force on
the member or the element - bending moment, shear force, torque, axial force - or the
stress on the component) due to the loading from different structural loads (e.g., dead
load, live load due to occupancy, wind load, snow load, earthquake load) and a load factor
Y, generally larger than unity, which accounts for the degree of uncertainty inherent in
the determination of the forces Q. When nonlinearities in behavior are significant, the
load factor should be applied before performing the structural analysis.

In a more general sense ¢Rn may represent a number of limit states (e.g., yielding

n
and tensile strength in a metal tension member) for each element, and I YiQi reflects

i=1
the largest of several load combinations. A substantial portion of this report is devoted
to the determination of values for these Yye Using as an example a metal tension member,
the following combinations might be checked:

¢ F A YDDn + YLLn )

yyn
} >
¢uFuAn YDDn + YLan + wan

where ¢y and ¢u are the resistance factors for the yield limit state, Fy’ and the tensile

strength limit state, Fu’ respectively, An is the net area, Dn’ Ln and Wn are the load

*
A glossary of terms is presented in Chapter 9.



effects due to dead, live and wind load, respectively, and Yy are the load

YD’ Yi,

factors for the maximum loads; < YL because the live load which is expected on the

Y
L
member at any particular point in time is less than the maximum live load. The load

combination which involves the wind load thus reflects the fact that it is not
expected that the maximum live load and the maximum wind load will act simultaneously.
Traditionally this unexpected simultaneity has been dealt with by multiplying the
factor of safety by 3/4 or by increasing allowable stresses by 4/3. The method
suggested here is a better reflection of what actually takes place.

The proposed design process thus defines the appropriate limit states, and hence
it is often named Limit States Design. Limit states design, in itself, is nothing
fundamentally new but is a procedure which, in effect, requires the designer to
consider explicitly several different modes of possible structural behavior during
design. The particular method above also identifies resistance factors and load
factors, and so it is called Load and Resistance Factor Design; it is one (of several)
limit states design criteria formats. .

Broadly speaking, there are two types of limit states: (1) ultimate limit
states under which the structure or component is judged to have failed in its capacity
to carry load; and (2) serviceability limit states under which the function of the
building is impaired. The recommendations in this report are confined to the ultimate
limit states as these are of particular concern in standards and specifications which
are intended to protect the public from physical harm.

The recommended load and resistance factor design format which incorporates
limit states, resistance factors, load factors and load combinations is a formalization
of trends evident in many structural specifications in the United States. It provides a
means whereby it is possible to achieve more uniform performance and reliability in structural
desigﬁ than is possible with just one factor of safety. This has long been recognized in
reinforced concrete design. Current research in metal structures has also produced
tentative rules which apply to steel, cold-~formed steel, and aluminum structures. The
thesis of this report is that it is also desirable to provide common load combinations and
load factors which can be used in connection with all material specifications. This point
will be elaborated upon subsequently.

The recommended approach requires that procedures be available to determine values
for the resistance factors and the load factors. The development qf the load criterion

3



is carried out within the context of probabilistic limit states design. This is because
the reliability of a structure or element is defined in a natural way by the probability

of not achieving any of its limit states. The procedure used hereiﬁ is based on modern
engineering reliability analysis methods which have been developed, tested and refined

over the last decade. The details of the method are described elsewhere in this report.

For our purposes here it suffices to say that given a structural member or element designed
according to a current structural specification, it is possible to compute the relative
reliability of this design from data defining probability distributions and statistics of
the resistance, the loads and the load effects. This relative reliability is expressed as
a number called the reliability index, B. This index usually varies from 2 to 8, depending
on the structure type and loading. By repeatedly determining B for many structural designs,
the relative reliability of different structural members built from different structural
materials can be compared. If representative values of B are now selected, reflecting the
averaged reliability of satisfactory current designs, it is again possibie by using reliabili
analysis methods to compute resistance and load factors. It should be clearly pointed out
that this'process is elaborate, and it is performed as a research operation for use by
standard and specification-writing bodies. The designer would only use the standard
specified values of ¢ and y in the structural design operation.

The underlying average reliability B is (1) not necessarily the same for all types of
building materials (and there is no reason to force the design profession to adopt a
uniform value), and (2) the values of ¢ and vy depend not only on R butvalso on the load
and the resistance statistics. Thus, it is quite likely that if the methodology were
applied to each material separately, different values of the load factors y would be
obtained for, say, steel structures and masonry structures. This is an entirely logical
consequence of the probabilistic methodology used. However, the use of different load
factor; for different structural material specifications is undesirable in the design
office and results in confusion, especially in structures where the design calls for a mix
of materials, say reinforced concrete, structural steel and aluminum (e.g., slabs, frame
and curtain walls). It thus was deemed desirable to determine uniform load factors which
could be included in the A58 Standard for all structural materials and to provide a2 means
whereby individual material specification writing groups could select suitable nominal
resistances and resistance factors corresponding to the load criterion and whatever values
of B they desire. The use of common load factors would simplify the design process,

4



particularly when more than one construction material is used in a structure. Various
standard groups in the United States agree that the A58 Standard is the logical place for
this load criterion inasmuch as it is a national standard and requiresconsensus approval
and public review of the criteria prior to their implementation.

Summary of Procedure:

The details of achieving the objectives discussed above are given in the body of this
report, with further details and statistics being provided in the Appendices. The following
is only an abbreviated description of the procedure. This consists basically of using a
probabilistic safety analysis to guide the selection of load factors that produce desired
levels of uniformity in safety which are consistent with existing general practice.

Step 1 Estimate the level of reliability implied by the use of the various current
design standards and specifications (e.g. ACI Standard 318, AISC Specifications, etc., and
loads from ANSI Standard A58.1-1972) for various common types of members and elements
(e.g., beams, columns, beam-columns, walls, fillet welds) using

a) a particular common reliability calculation scheme (Chapter 2);

b) common and realistic best estimates of distribution types and parameters

(Chapter 3 and Appendices);

c) the reliability index B as a safety measure for comparison.

Step 2 Observe the B~levels over ranges of material, limit states, nominal load
ratios (e.g., live-to-dead, wind-to-dead, snow-to-dead), load combinations, and geographical
locations (Chapter 4).

From Steps 1 and 2 it was found that a level of B = 3,0 was consistent with average
current practice for load combinations involving dead plus live or dead plus snow loads,
while 8 = 2.5 and B = 1.75 were appropriate for combinations containing wind and earthquake
loads, respectively. »

Step 3 Based on the observed B levels, determine load factors consistent with the
implied safety level and the selected safety checking format. These load factors are
compatible with the nominal load definitions in the proposed ANSI AS58.1-1980 Standard
currently being developed.

From Step 3 the following load combinations and load factors were derived (see Chapter

5 for details)



1.2 D +1.6L
n n
1.2 D +1.65_ + (0.5L_ or 0.8 W)
n n n
1.2 D +1.3W_ + (0.5L)
n n
1.2 D +1.5E + (0.5L or 0.2 8)
n n n
0.9D - (1.3 W_ or 1.5 E)
n n

in which

=]
]

dead load, Ln = occupancy live load, Wn’ Sn = 50-year mean recurrence interval
wind and snow loads, and En = earthquake load.

Step 4 Display the relationships between the implied B-levels for these load factors
and nominal loads for the material statistics (mean resistances, coefficients of variation)
against alternate ¢-factors. These charts are given in Chapter 5, together with example
determinations of ¢ for several structural types and materials. This information generally
would be sufficient to enable a specification writing group, if it so desires, to select
¢=-factors without further computer operations.

Some Particular Critical Issues

1. The selected load factors do not prevent material specification writing groups from
selecting their own ¢ factors together with their own desired values of 8. There is no
intent here to dictate particular values of ¢ or B to be used in material specifications.
Only the 1oadvfactors are presented along with preliminary resistance variable information
and a method by which B can be estimated for any particular ¢ that might be proposed by
the material groups for their own specifications. If this procedure is used, material
groups do not have to deal with loads to harmonize their own safety levels among their
various limit states. If desired, for example, different values of B could be used for
bending and shear in concrete structures, or members and connectors in steel structures.
The information given also permits the observation of relative safety levels in current
practice in several material technologies which may assist material specification groups
in selecting their own values of B and ¢ for design.

2, The results-ﬁf this work, as detailed in the main report, show some differences in B-
‘levels from material to material, limit state tc limit state, member type to member type,
and especially, from load type to load type. In particular, reliability with respect to
wind or earthquaké loads appears to be relatively low when compared to that for gravity loads
(i.e., dead, live and snow loads), at least according to the methods used for structural

safety checking in conventional design. These are methods which are simplified representations
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of real building behavior and they have presumably givgn satisfactory performance in the
past. It was decided to propose load factors for combinations involving wind and earth-
quake loads that will give calculated B values which are comparable to those existing in
current practice, and not to attempt to raise these values to those for gravity loads by
increasing the nominal loads or the load factors for wind or earthquake loading. Based on
the information given here the profession may well feel challenged (1) to justify more
explicitly (by analysis or test) why current simplified wind and seismic calculations may
be yielding conservative estimates of lecads, resistances and safety; (2) to justify why
current safety levels for gravity loads are higher than necessary if indeed this is true;
(3) to explain why lower safety levels are appropriate for wind and earthquake vis-a-vis
gravity loads, or (4) to agree to raise the wind and seismic loads or load factors to
achieve a similar reliability as that inherent in gravity loads. While the writers feel
that arguments can be cited in favor and against all four options, they decided that this
report was not the appropriate forum for what should be a profession-wide debate.

The method of obtaining the load factors and resistance factors presented in this
report is general in its applicability. However, the data used herein restrict the utilizatiomn
of the results to buildings and similar structures. They are not intended for vehicular
loads on bridges, transients in reactor containments, and other loads which are considered
to be outside the scope of the A58 Standard.

Future Action

The writers expect that the loading criterion presented in this report will be carefully
scrutinized by numerous professional organizations and individuals who have interest in or
are affected by the scope and provisions of the A58 Standard. The writers feel that a
discussion of the recommendations is extremely important, in view of the 1mpfications that
the adoption of these recommendations would have on structural design in the United States.

The decision as to whether to incorporate the load criterion In a future edition of
the A58 Standard lies with the A58 Standard Committee. After an appropriate period of
review and public discussion, a draft provision will be prepared containing the load
combinations and load factors which will be submitted for ballot by the A58 Standard
Committee in accordance with ANSI voluntary consensus standard approval procedures. If
approved, the load criterion will become part of thg A58 Standard. It will then be up to
material specification writing groups to decide whether they wish to adapt their standards

to this load criterion in the interest of harmonizing structural design.
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1, PROBABILITY-BASED LIMIT STATES DESIGN

This report proposes a series of probability-based load factors for use in the design
of building structures. This chapter will define some of the terms used and will discuss
why this design process is desirable.

1.1 Limit States Design

When a structure or structural element becomes unfit for its intended purpose it is
said to have reached a limit state. For most structures the limit states can be divided
into two categories:

Ultimate Limit States are related to a structural collapse of part or all of the

structure. Such a limit state should have a very low probability of occurrence since it
may lead to loss of life and major financial losses. The most common ultimate limit
states are:
a) loss of equilibrium of a part or the whole structure considered as a rigid body
(e.g. overturning, uplift, sliding); /
b) loss of load-bearing capacity of members due to exceeding the material strength,
buckling, fracture, fatigue or fire;
c) Spread of initial local failure into widespread collapse (progressive collapse
or lack of structural integrity);
d) very large deformation - transformation into a mechanism, overall instability

(e.g. wind flutter, ponding instability).

Serviceability Limit States are related to disruption of the functional use of the

structure and/or damage to or deterioration of the structure. Since there is less danger
of loss of life, a higher probability of occurrence may be tolerated than in the case of
the ultimate limit states. For buildings the following limit states may be important:

a) excessive deflection or rotation affecting the appearance, functional use or
drainage of the building or causing damage to non-structural components and
their attachment;

b) excessive local damage (cracking or splitting, spalling, local.yielding or slip)
affecting appearance, use or durability of the structure;

c) excessive vibration affecting the comfort of the occupants or the operation of
equipment.

These, in turn, could be divided into groups depending on the load levels to be

considered in checking them or the lasting effects of their occurrence.
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Limit States Design is a process that involves:

‘(l) Identification of all modes of failure or ways in which the structure might fail

to fulfill its intended purpose (limit states).

(2) Determination of acceptable levels of safety against occurrence of each limit

state.

(3) Consideration by the designer of the significant limit states.

In the design of a normal building, Steps 1 and 2 have already been carried out by
the standard committee. The design specification lists the limit states to be considered
and presents load and resistance factors for use in checking these limit states. For
normal structures, the designer carries out Step 3, generally starting with the most
critical limit states for the structure in question. The designer of an unusual structure
may have to consider all three steps.

The limit states design procedure is, in effect, the traditional engineering design
procedure formalized to require specific consideration of the various limit states. Under
limit states design, the design of the structure for a bridge or building generally starts
with satisfaction of the ultimate limit states followed by checks of the serviceability
limit states. The latter checks are either carried out explicitly (by calculating deflections
for example) or by using "deemed to satisfy" clauses such as maximum slenderness ratios,
etc. This order of calculation is followed because generally the major functional requirement
(major limit state) of the structural components for a building or bridge is to support
loads safely. This may not always be true, however. For example, in the design of a
water tank or similar sanitary engineering structure, the major functional requirement is
that the tank hold water without leaking. Here the order of the design process may well
start with consideration of ways to prevent leakage and conclude with checks of whether
the resulting strength is adequate.

In this context, then,the strength design procedure presented in the ACI Standard 318
[19]*, and the Load and Resistance Factor Design procedure [9] are limit states design
procedures. Ideally, however, the complete limit states design concept should be followed
because, all too often in the past, designers and specification writers have given their
prime attention to the ultimate limit states and not enough to the factors which might

render the building unsatisfactory in everyday use.

*
Numbers in brackets denote references listed in Section 8.
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1.2 Methods of Establishing Safety Levels

1.2.1 Allowable Stress or Working Stress Design

Traditionally, structural design has been based on code-specified or service loads
and the desired safety has been assumed to exist if the elastically computed stresses did
not exceed allowable working stfesses which were a preset fraction of the yield strength,
crushing strength, modulus of rupture, etc. The loads used in this design process have a
high probability of occurrence during the life of the structure. Thus, for example, the
dead load is calculated directly from the specified dimensions and assumed densities and
is close to the expected dead load. The allowable stresses have been set in an empirical
manner to reflect the profession's feeling about the relative variability of various
materials, Earlier versions of the ACI Code (for example, the 1951 code) based design on
allowable stresses of 0.225 to 0.45 times the concrete strength and 0.5 times the yield
strength of the reinforcement; the AISC Specification [26] bases structural steel design
on allowable stresses of 0.66 times the yield strength for compact sections in bending;
timber specifications base design on 0.2 to 0.25 times the short-term strength of small
clear specimens,

The advantages of working stress design are:

(1) Designers are familiar with it and it is simple to apply. The moments or forces
from each load are calculated and added together. The resulting sums are multiplied by
load combination or probability factors ranging from 1.0 to 0.66 and are used to proportion
sections so that the stresses do not exceed the allowable values.

(11) Structures designed this way are generally believed to behave satisfactorily in
service. By keeping stresses low at service loads, deflections, vibratioms, crack widths
in concrete beams, and the like, were seldom critical. While this was generally true for
the types of materials and structures used prior to 1950, the advent of high strength
steels and concretes, prestressed concrete and other lightweight structures have made
serviceability checks necessary in many more instances.

Working stress design also has some disadvantages:

(i) A given set of allowable stresses will not guarantee a constant level of safety
for all structures. Consider two roof structures designed for the same snow load using
the same allowable stresses. One structure, a reinforced concrete beam and slab structure,

has considerably higher dead load than the other, a reinforced concrete folded plate.
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Because the dead load can be estimated with much more precision than the snow load, the
roof having the high ratio of dead to live load will have a lower probability of failure
than the lighter structure.

(1i) The working stress formét may be unsafe when one load counteracts the effects
of another. This is especially true when the effect of a relatively predictable dead load
counteracts the effect of a highly variable load such as Qind. Figure 1.1 shows such a
structure designed using working stress design. The tensile and compressive strengths ére
200 psi and 1806 psi respectively (1.38 and 12.4 N/mmz) and, as shown in Fig. 1.1 (c) the
dead load has been chosen so that the maximum stresses at service loads (1.0 Dead + 1.0
Wind) are 50 percent of the respective strengths. As shown in Tig. 1.1 (d) an increase of
only 20 percent in the wind load is enough to raise the stress a8t A from half of the
tensile strength to the tensile strength. The failure of the Ferrybridge Cooling Towers
in England has been attributed to this cause [20].

In summary, then,the main advantage of working stress design is its simplicity;
however, it can lead to designs with less safety than normally considered adequate, particula
if loads counteract each other.

1.2.2 Strength Design

Safety provisiomns in several design standards are based on the ultimate strength of
critical member sections (strength design of reinforced concrete in ACI Standard 318, for
example) or the load carrying capacity of members and entire frames (Section 2 of the AISC
Specifications). In these and similar standards, design is based on factored loads and
factored resistances. The loads are amplified or reduced by load factors depending on the
type and sense of the load, while the strengths are reduced by resistance factors less
than or equal to unity. For example, ACI Standard 318 bases design in flexure against
gravity loads on

0.9Rn > 1.4 Dn + 1.7 Ln (2.1)
while Section 2 of AISC Specifications requires that

1.0 R > 1.7 (Dn + Ln) (2.2)

Note that these are both load and resistance factor desigﬁ formats.

Criteria of this type are an attempt to apply partial factors of safety to those

variables in the design equation which are known to be unpredictable. Eq. 2.1 attempts to

account for the possibility of understrength and overload, while Eq. 2.2 apparently accounts
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(a) 400 psi  Stress due to 1.0 Dead Load
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—
m 900 psi  Stress due to 1.0 Dead Load + 1.0 Wind Loa
€ = ,
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1000 psi  Stress due to 1.0 Dead Load + 1.2 Wind Loa
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200 psi L

Figure 1.1 -~ Working Stress Design with Counteracting Loads (1 psi = 6.9 kN/mz)
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only for overload (its resistance factor is unity). Assigning a larger factor to live
load than dead load reflects the fact that the variability in live load is known to be
larger than dead load and thus is a tacit attempt to make the safety more uniform over the
range of likely Ln and Dn values.

However, the load and resistance factors have been selected more or less on the basis
of subjective judgment in the past. While they may seem reasonable intuitively, there is
no assurance that the design criteria are entirely consistent with the performance objectives
of the groups that develop them. In the context of the limit states design process discussed
in Section 1.1, Step 2 cannot be completed in a rational manner.

1.2.3 Probability-Based Limit States Design

In Section 1.1, limit states design was defined as being a three stage procedure, the
second stage of which involves determination of acceptable levels of safety against the
occurrence of each limit state. In probability-based limit states design, probabilistic
methods are used to guide the selection of load factors and resistance factors which
account for the variabilities in the individual loads and resistances and give the desired
overall level of safety. This is described further in Chapter 2. It should be emphasized
that the designer deals with load factors and resistance factors similar to those in Egs.
2.1 and 2.2 and is never required to consider probabilities per se. The particular format
adopted in this report is referred to as load and resistance factor design (LRFD).

The principal advantages of probabilistic limit states design are:

(1) More consistent reliability is attained for different design situations because
the different variabilities of the various strengths and loads are considered explicitly
and independently.

(1i) The reliability level can be chosen to reflect the consequences of failure.

(iii) It gives the designer a better understanding of the fundamental structural
requirements and of the behavior of the structure in meeting those requirements.

(iv) It simplifies the design process by encouraging the same design philosophy and
procedures to be adopted for all materials of construction.

(v) It is a tool for exercising judgment in non-routine situations.

(vi) It provides a tool for updating standards in a rational manner.

The remainder of this report is devoted to the derivation of load factors that are

suitable for a wide range of loadings and structural materials.
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2. PROBABILISTIC BASES OF STRUCTURAL RELIABILITY

2.1 Historical Development

Engineering decisions must be made in the presence of uncertainties arising from
inherent randomness in many design parameters, imperfect modeling and lack of experience.
Indeed, it is precisely on account of these uncertainties and the potential risks arising
therefrom that safety margins provided by the specification of allowable stresses, resistance
factors, load factors, and the like, are required in design. While strength and load

parameters are nondeterministic, they nevertheless exhibit statistical regularity. This

suggests that probability theory should furnish the framework for setting specific limits
of acceptable performance for design.

The idea that dispersion (or statistical variation) in a parameter such as yield
stress or load should be considered in specifying design values is not new, and many
étandards have recognized this for some time. For example, the design wind speeds and
ground snow loads in ANSI Standard A58.1-1972 [2] are determined from the probability
distributions for the annual extreme fastest mile wind speed and the annual extreme
ground snow load. For ordinary structures, the design value for these parameters is that
value which has a probability of being exceeded of 0.02 in any year (the 50-year mean
recurrence interval value). Similarly, the acceptance criteria for concrete strength in
ACI Standard 318-77 [19] are designed to insure that the probability of obtaining concrete
with a strength less than fé is less than 10 percent. Other examples could also be cited.
An appreciation of the philosophy underlying such provisions is essential: in the presence
of uncertainty, absolute reliability is an unattainable goal. However, probability theory
and reliabilityfbased design provide a formal framework for developing criteria for design
which insure that the probability of unfavorable performance is acceptably small.

While this basic philosophy has been accepted for some time, there have been no standards
adopted in the United States which synthesize all the available information for purposes of
developing reliability-based criteria for design. The use of statistical methodologies
has stopped at the point where the nominal strength or load was specified. Additional
load and resistance factors, or allowable stresses, were then selected subjectively to
account for unforeseen unfavorable deviations from the nominal values. However, probability
theory and structural reliability methods make it possible to select safety factors to be
consistent with a desired level of performance (acceptably low probability of unsatisfactory
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performance). This affords the possibility of more uniform performance in structures and,
in some areas where designs appear to be excessively conservative, a reduction in costs.

The remainder of Chapter 2 is devoted to describing the procedures used for analyzing
reliabllities associated with existing designs and developing the ﬁrobability-based load
criterion for the AS8 Standard.

2.2 Analysis of Reliability of Structures

The conceptual framework for structural reliability and probability-based design is
provided by the classical réliability theory described by Freudenthal, Ang, Cornell, and
others [1,8]. The loads and resistance terms are assumed to be random variables and the
statistical information necessary to describe their probability laws is assumed to be
known.

A mathematical model is first derived which relates the resistance and load variables
for the limit state of interest. Suppose that this relation is given by

g(Xl,Xz,...,Xn) =0 (2.1)
where Xi = resistance or load variable, and that failure occurs when g < 0 for any ultimate
or serviceability limit state of interest. Failure, defined in a generic sense relative
to any limit state, does not necessarily connote collapse or other catastrophic events.
Then safety is assured by assigning a small probability pg to the event that the limit
state will be reached, i.e.,

Py = food S fX(xl,xz,...,xn) dx,dx

19%g e

in which fx is the joint probability density function for Xl’ XZ"'

dx (2.2)
., and the integration
is performed over the region where g < 0.

In the initial applications of this concept to structural safety problems, the limit
state was considered to contain just two variables; a resistance R and a load effect Q
dimensionally consistent with R. The failure event in this case is R - Q < 0 and the
probability of failure is computed as,

o

pe = PR < Q) = ! Fmsg(nax (2.3)

in which FR = cumulative ‘probability distribution function (c.d.f.) in R and fQ = probability

density function for Q. If R and Q both have normal distributions, for example, then

P = ¢[—ﬁ%] (2.4)
O’R + G’Q

where, E, o, = mean and standard deviation (cg = variance) for R and similarly for Q; ¢[ )

R
= standard normal probability distribution. If R and Q both have lognormal distributions,
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o[- 2n(R/0)
P, [ ‘;Tjgffﬁ%?] | (2.5)

when V_, V_ < about 0.30, in which VR’ v

r* Vg = coefficient of variation (c.o.v.) in R and Q.

Q
The c.o.v. is a convenient dimensionless measure of variability or uncertainty and will be
referred to frequently in the remainder of the report. Other distributions may be specified
for R and Q. When this is done, Eq. 2.3 frequently must be evaluated numerically.

This provides a basis for quantitatively measuring structural reliability, such a
measure being given by Pe. It is tacitly assumed that all uncertainties in design are
contained in the joint probability law fX and that fX is known. However, in structural
reliability analyses these probability laws are seldom known precisely due to a general
scarcity of data. In fact, it may be difficult in many instances to determine the probability
densities for the individual variables, let alone the joint density fX' In some cases,
only the first and second order moments, i.e. mean and variance, may be known with any
confidence; Moreover, the limit state equation may be highly nonlinear in the basic
variables. Even in those instances where statistical information may be sufficient to
define the marginal distributions of the individual variables, it usually is impractical

to perform numerically the operations necessary to evaluate Eq. 2.2.

2.3 First-Order, Second-Moment Methods

The difficulties outlined above have motivated the development of first-order, second-
moment (FOSM) reliability analysis methods, so called because of the way they characterize
uncertainty in the variables and the linearizations performed during the reliability
analysis [7,15]. 1In principle, the random variables are characterized by their first and
second moments. While any continuous mathematical form of the limit state equatioﬁ is
possible, it must be linearized at some point for purposes of performing the reliability
analysis; Linearization of the failure criterion defined by Eq. 2.1 leads to

* % % x5
~ - o8 _
Zm (X, Xy,.. X)) 43 (X, - X)) GE) * (2.6)

i
* * ~
2""Xn) is the linearizing point. The reliability analysis then is performed

with respect to this linearized version of Eq. 2.1, As might be expected, one of the key

*
where (Xl’ X

considerations is the selection of an appropriate linearizing point.

2.3.1 Mean Value Methods

* *
In earlier structural reliability studies, the point (Xl, XZ""Xn) was set equal to
the mean values (?1, ?2,...§£). Assuming the X-variables to be statistically uncorrelated,
the mean and standard deviation in Z are approximated by
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Zzg(il, EZ,...in) 2.7)

g 2 2 .1/2
oy x| Z(ax )~ Oy ]
i Xi i

The extent to which Eqs. 2.7 and 2.8 are accurate depends on the effect of neglecting

(2.8)

higher order terms in Eq. 2.6 and the magnitudes of the coefficients of variation in Xi'
If g( ) is linear and the variables are uncorrelated, Egs. 2.7 and 2.8 are exact.

The reliability index B ( in some studies, f is termed the safety index) is defined
by

8 = E/c:z (2.9)
which is the reciprocal of the estimate of c.o.v. in Z, vThis is illustrated in Fig. 2.1
which shows the densities of Z for two alternate representations of the simple two-variable
problem Z = g(R, Q) = O discussed in the previous Section (Eq. 2.2, et. seq.). B is the
distance from Z to the origin in standard deviation units. As such, B is a measure of the
probability that g( ) will be lesé than zero. Fig. 2.la shows the probability density
function (generally unknown) for Z = R - Q. The shaded area to the left of zero is equal
to the probability of failure. Observe that if OR—Q remains constant, a positive shift in
R - Q will move the density to the right, reducing the failure probability. Thus an
increase in B leads to an increase in reliability (lower pf). Alrernatively, 1if

Z-go, >0 (2.10)

the reliability is at least f. Figure 2.1b shows an alternate formulation derived from

the failure condition Z = &n R/Q < 0.

Since R ~ Q = R - 6 and op - N ﬁqci + UQ, B in Fig 2.la is defined as
B = S (2.11)
CR + UQ

Using the alternative formulation of Fig. 2.1b, and using the small-variance approximations

2n R/Q = 2n R/Q and Oon R/Q C [Vi + Vé]l/z,
g = AL RQ (2.12)
VR + VQ

Eq. 2.11 was the basis for an early recommendation for a probability-based structural code
[22] while Eq. 2.12 was the basis for the development of probability-based load and resistance

factor design criteria for steel structures [9].
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Figure 2.1 - Illustration of the Reliability Index Concept
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In this development, no mention has been made of probability distributions; the
reliability index B depends only on measures of central tendency (Z) and dispersion (GZ)
in the limit state function. However, it is important to realize that if the probability
laws governing the variables in the limit state equation are known, there is a relation
between B and Pe- In the example just considered, if R and Q are normal and statistically

independent, then R - Q@ is normal with mean R - 6 and variance 02 + 02. The probability

R Q
of failure is then
i 1= ; kA
pf=PR—Q<O=————— {mexp[-lZ(’—(G—-——) ]dx
Vam cR—Q R-Q
=9 [- B ] (2.13)
UR + OQ

Comparing Eqs. 2.13 and 2.11, the reliability index R is related to the percent point
function of the standard normal distribution according to,
B =ota - P (2.14)
b, = #(-8) ’ (2.15)
Even when the probability laws cannot be determined exactly, however, B is a useful comparative
measure of reliability and can serve to evaluate the relative safety of various design
alternatives, provided that the first and second order statistics are handled consistently.
In such cases, the probability of failure computed from Eq. 2.15 is referred to as a
"notional"” probability, indicating that it should be interpreted, at best, in a comparative

sense as opposed to a classical or relative frequency sense.

2.3.2 Advanced Methods

Mean value FOSM methods have two basic shortcomings. First, the g( ) function is
linearized at the mean values of the X-variables. When g( ) is nonlinear, significant
errors may be introduced at increasing distances from the linearizing point by neglecting
higher order terms. In most structural reliability problems, the mean point 1is, in fact,
some distance from g( ) = 0, and thus there are likely to be unacceptable errors in
approximating Eq. 2.1 by Eq. 2.6 when g( ) is nonlinear. Second, the mean value methods
f#il to be invariant to different mechanically equivalent formulations of the same problem.
In effect, this means that B depends on how the limit state is formulated. This is a
problem not only for nonlinear forms of g( ) but even in certain linear forms as, e.g.,

when the loads (or load effects) counteract one another. The lack of invariance arises
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because the linear expansions are taken about the mean value point. This problem may be
avoided by linearizing g( ) at some point on the failure surface [7, 14, 15]. This is
because g{ ) and its partial derivations in Eq. 2.6 are independent of how the problem is
formulated only on the surface g( ) = 0.

The selection procedure can be explained as follows. With the limit state and its

variables as given in Eq. 2.1, the variables X, are first transformed to reduced variables

i
with zero mean and unit variance through
X, - X
x =t 1 (2.16)
i oy
In the space of reduced coordinates L the limit state is
gl(xl,xz,...,xn) =0 (2.17)

with failure occurring when 8, < 0. This is illustrated in Figs. 2.2(a) and 2.2(b).

We now define a reliability index B as the shortest distance between the surface
g = 0 and the origin. The point (xI,x;,...,x:) on gl( ) = 0 which corresponds to this
shortest distance is referred to as the checking point (some authors call it the design

point) and must be determined by solving the system of equations

3g, /ox
1 i
a, = ‘ (2.18)
i 2.1/2
[£(og, /3x,)°]
x: = -aiB (2.19)
x & *
gl(xl,xz,...,xn) =0 (2.20)

searching for the direction cosines oy which minimize B. The derivatives are evaluated at

the point (xI, x;,...,x:). Note from Fig. 2.2 that this procedure is equivalent to linearizing
the limit state equation in reduced variables at the point (x;,x;,...,x:), and computing

the reliability associated with the linearized rather than original limit state.

In the original variable space, the checking point variables are given by

*  —

Xi = Xi(l - aiBVi) (2.21)
* _* *

g(Xl,Xz,...,Xn) =0 (2.22)

k% *
The set of points (Xl,X ,...,Xn) will fall in the upper range of the probability distributions
for load parameters and the lower range for resistance variables. If necessary, load and
resistance factors Yy for design corresponding to a prescribed reliability index B8 may
then be determined through
* ‘
Yy < xi/Xn,i (2.23) .
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Figure 2.2 - Formulation of Safety Analysis in Original and
Reduced Variable Coordinates
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in which Xn is the nominal or design value of the load or resistance parameter specified

.1
in the building standard. This may be the load corresponding to a mean recurrence interval
of N years, the mean maximum load during a reference period of T years, or any one of a
number of other formulations. 1In the context of American National Standard A58, the Xn,i
would correspond to the load level in the current or proposed versions of the standard.

-Thus, the load and resistance factors depend on the way the nominal loads and resistances

are specified.

2.4 Approximate Methods for Including Information on Distributions

The first-order, second-moment procedure outlined in the previous section gives
values of the reliability index 8 which may be related to a probability of failure in
cases when the varilables Xi are normally distributed and when the function g is linear in
Xi' In other cases, Eqs. 2,14 and 2.15 are not exact. Many structural problems involve
random variables which are clearly non-normal. As examples, instantaneous live loads
appear to be modeled more appropriately by Gamma distributions, at least for relatively
small loaded areas [4]; recent studies of extreme wind data [16] have shown that the
annual extreme wind speed due to\extratropical storms is Extreme Value Type I. It seems
appropriate that this information be incorporated in the analysis in a way that does not
require the multidimensional integration in Eq. 2.2. There are a number of approaches for
doing this. The one used in this study [13] currently is also being used for developing
reliability-based design procedures in Canada and Europe [3,7,11].

The basic idea is to transform the non-normal variables into equivalent normal variables
prior to the solution of Eqs. 2.18 -~ 2.20. The main advantage of doing this 1is that sums
and differences of independent norm&l variables are also normal with easily calculated

means and variances. The ability to calculate failure probabilities in accordance with

Eq. 2.14 and 2.15 is thereby retained. This transformation may be accomplished by approximati
*
i

to a point on the failure surface. The justification for this is that if the normalization

the true distribution of variable Xi by a normal distribution at the value X, corresponding
takes place at the point cloée to that where failure is most likely, (i.e., minimum B),
the estimates of the failure probability obtained by the approximate procedure should
approximate the true (but unknown) failure probability quite closely.

Following Ref. 13, we determine the mean and standard deviation of the equivalent
normal variable such that at the value X:, the cumulative probability and probability

density of the actual and approximating normal variable are equal. Thus,
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o, = = (2.24a)
fi(x )

=N * -1 A N

X; = xi -0 [Fi(xi)]ai (2.24%)

in which Fi and fi = non-normal distribution and density functions of Xi’ and ¢ ( ) is the
density function for the standard normal variate. Having determined i? and 0? of the
equivalent normal distributions, the solution proceeds exactly as described in Egs. 2.16 to
2.20. Inasmuch as the checking point variable X: changes with each iteration, the parameters
iﬁ and c? must be recomputed during each iteration cycle also. However, since all calculation
are performed by computer, this does not materially add to the complexity of the reliability
analysis described earlier.

This approximate techmique often yields excellent agreement with the exact solution
of Eq. 2.2 [13]. However, it has been noted [15] that the checking point may not correspond
exactly to the point where the joint probability density is maximum and failure is most
likely. Moreover, this procedure does not reduce the error which is due to the linearization
of what may be a generally nonlinear failure boundary at the checkingvpoint. Unless the
failure boundary is highly nonlinear, however, as is the case in some stability problems,
this source of error is small compared to the accuracy with which most of the parameters
in engineering reliability analysis can be estimated.

The following summarizes the procedure which is used to compute the reliability index
B associated with a particular design or, conversely, a design parameter (such as section
modulus) for a prescribed B, probability distributions, and set of meéns and standard
deviations (or c.o.v.):

1. Define the appropriate limit state function: Eq. 2.1.

2. Make an initial guess at the reliability index B (or design parameter).

3. Set the initial checking point values XI = ii, for all {1.

4. Compute the mean and standard deviation of the equivalent normal distribution
for thrse variables that are non-normal according to Egs. 2.24.

5. Compute partial derivatives ag/BXi evaluated at the point X:.

6. Compute the direction cosines a, as

o, = & H/ds HHY?
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*

7. Compute new values of Xi from

*  —N N
Xi = Xi —aiBGi

and repeat steps 4 through 7 until the estimates of ay stabilize.

8. Compute the valﬁe of B necessary for
*
gsrens

and repeat steps 4 through 8 until the values of B on successive iterations differ by some

* *
g(xi,x xn) =0
small tolerance (say 0.05). Normally, convergence is obtained within 5 cycles or less,
depending on the nonlinearity of the limit state equation.

AAcomputer program was developed to perform the calculations leading to the load
criterion in this report. This program is described in detail in Appendix F.

Example Calculations

Two examples are presented to illustrate the concepts presented in thé previous
sections.

As a simple case, consider the two—variable problem which was treated previously;

g=R-Q

in which R, Q both have normal distributions. Making the transformaticns

R-R

T = p
R
¢=3=28
g

Q

The failure criterion becomes,
Opf - ch +R-Q=0
The failure criteria in the original (R,Q) and reduced (r,q) coordinate systems are shown

in Figures 2.3a and 2.3b. The iterative solution is not required here. The checking

point variables may be seen to be

* -
T = -agB = °R 8
og t+ GQ
c
* S
= () = B
O'R + O'Q

V2w

The second example, that of calculating £ for a steel beam in bending, illustrates

the iterative scheme.
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Figure 2.3 - Reliability Calculation for Linear Two-Variable FProblem
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Suppose the beam is a 16WF31 ;ection with yield stress Fy = 36 ksi (248 N/mmz) and
plastic section modulus Z = 54 in3 (16387 mm3) supporting a (deterministic) moment of 1140
in-kip (1.55 N-m). For illustration, statistics of Fy and Z are:

Fy: Lognormal - f& = 38 ksi, VFy = 0.10

Z: Normal - Z = 54 in°, v, = 0.05
and the limit state is

g( ) = FyZ - 1140 = 0

Table 2.1 shows the iterative solution. The initial guess at § was 3.0, and the
final solution is B = 5.14. Table 2.2 shows the values that would have been obtained
using mean value methods along with strength and stress formulations. Solutions corresponding
to Eqs. 2.11 and 2.12 are also displayed graphically in Figure 2.4. The direction along

which B is measured clearly depends on the method of formulation when mean value methods

are used. This illustrates the invariance problem discussed earlier.

Table 2.1 - Illustration of Reliability Calculations — Iterative Solution Steps

Step 2 8 | 3.0 5.001 5,136
Eid
Fo | 38 27.64 29.02 23.95 24,46 24,19 24.21
Steps 3,7
*
2" | s4 50.38 50.17 47.60 47.34 47.14 47.11
Eﬁ 37.83  36.31 36.71 34.90 35.12 35.00 35,01
Step 4 o? 3.80  2.76 2.90 2.40 2.45 2.42 2.42
| se 54 54 54 54 54 54
o§ 2.7 2.7 2.7 2.7 2.7 2.7 2.7
%% 54 50.38 50.17 47.6 47.34 47.14 47.11
Step 5 y
g% 38 27.64 29.02 23.95 24,46 24.19 24.21
ap | 0.894 0.881 0.880 0.870 0.869 0.868 0.868
Step 6 ¥
ap | 0.447  0.473 0.474 0.493 0.495 0.497 0.497
Z
Step 8 6 © 5.001 5.136 5.144
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Table 2.2 - Mean Value FOSM Solutions

Formulation 8
Eq. 2.11 Eq. 2.12
-Strength (Bl) 3.97 5.25
Stress (82) 4,28 5.26

2.5 Load Combinations

Most structural loads vary with time. If a structural element is subjected to only
one time~varying load in addition to its dead load, the reliability may be determined
simply by considering the combination of the dead load with the maximum time-varying load
during some appropriate reference period. It is frequently the case, however, that more
than one time-varying load will be acting on a structure at any given time. Conceptually,
these load combinations should be dealt with by applying the theory of stochastic processes,
which account for the stochastic nature and correlation of the loads in space and time.

Loads (or load effects) acting on structural elements typically are represented by
various combinations of load process models such as those in Fig. 2.5, Permanent loads
(Fig. 2.5a) such as dead loads change very slowly.and maintain a relatively constant
(albeit random) magnitude. Sustained loads (Fig. 2.5b) may change at discrete.times but
in between changes remain relatively constant. They may be absent entirely for certain
periods. Occupancy live loads fall in this category. Finally, transient loads of short
duration (Fig. 2.5¢) occur relatively infrequently. Since their durations are so small
relative to permanent and sustained loads, they are modeled as impulses. Extreme wind and
earthquake loads are examples.

The terminology "arbitrary-point-in-time" load is used frequently in later sectioms.
It is simply the load that would be measured if the load process were to be sampled at
some time instant, e.g., in a load survey. The probability densities of the arbitrary-
point-in-time loads are shown in Figs. 2.5a - 2.5¢. The impulse at zero represents the
probability that the load magnitude is zero at the time samples are taken,

In this report, the analysis of reliability associated with ultimate limit states
requires that the maximum total load during a reference period taken as 50 years be character
When more than one time~varying load acts, it is extremely unlikely that each load will

reach its peak lifetime value at the same moment. This is illustrated in Fig. 2.5d.
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Consequently, a structural component could be designed for a total load which is less than
the sum of the peak loads, and in fact this 1is recognized in Section 4.2 of ANSI Standard
A58.1-1972 [2]. The probability factors in that section have evolved on the basis of
experience rather than a thorough consideration of the underlying nature of the loads,
however.

For practical reliability analyses, it is necessary to work with random variable
representations of the load rather than random process representations. One such procedure
is a generalization [14] of a model first proposed by Ferry Borges [6]. It is first
assumed that for each time-varying load Xi’ the 1life T may be divided into a number of

elementary time intervals, T such that the value of load X, is constant within Ty and

i

values of Xi within successive time intervals are statistically independent. The probability
of a nonzero value of Xi within each time interval is Py The load histories are then
arranged in order of decreasing basic time interval (increasing number of load changes) as

shown in Figure 2.6. Given that r, nonzero values of Xi occur within interval Ty the

distribution of the maximum of Xi within interval = is given by

i-1
Foo ) = Fi(x)ri (2.25)

in which r, = /Ti (termed the repetition number) and F, = distribution of X, within

Tia1 1

the elementary interval Tse Using the theorem of total probability and the binomial

i

theorem, the distribution of maximum load within T is given by

Frax() = [1 = p A-F G171 (2.26)
Beginning with variable Xn’ the maximum of Xn within interval T is found using Eq. 2.26.
The distributionlof the sum zn-l = [max Xn + Xn—l] can be found through convolution.
Using the procedure for normalizing non-normal random variables explained earlier, this
calculation can be handled quite easily. Working down through the set of load histories,

is computed using Eq. 2.26, and the process is

the distribution of Z
n-2

= max 2 + X
n n-

-1 2
repeated until all loads have been summed.
Although this represents a sophisticated approach to load combinations, there are a

number of difficulties with its use. The assumption that each peak value of load remains
constant within its basic time interval is a conservative one but probably is not unduly

so if the basic time intervals are chosen to be reasonably short. A more serious shortcoming
is the necessity of making assumptions regarding the number of basic intervals and the
probability of a nonzero load value within each one. Information regarding Ty 0r Ty, and

Py generally is not available or is not easily recoverable from available load data and as
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a consequence L and 1 must be determined artificially. The safety criteria are quite
sensitive to the selection of these parameters. In short, the quality of data and our
knowledge of the various load processes may not be sufficient to warrant the use of this
model in practical reliability analysis and design work.

An alternate way to handle load combinations is through the use of "Turkstra's rule"
[17]. This says, in effect, that the maximum of a combination of load effects will occur
when one of the loads is at its lifetime maximum value while others assume their instantaneou

values. 1In other words, if

Z(t) = Xl(t) + Xz(t) + oo +Xn(t) (2.27)
then max Z is given by
n
max 2 = max [max X, (t) + 3 X (©)] (2.28)
i1t * j=1 4
j#i

If there are n time-varying loads in the limit state equation, in general it is necessary
to consider n distinct load combinations in computing the associated reliability. This
tends to be unconservative in certain instances where the probability of a joint occurrence
of more than one maximum value is not negligible or in the situation where the maximum combin
effect occurs when two variables simultaneously attain 'near maximum" values. Nevertheless
recent research on loadAcombinations based on the concept of up-crossing rates of random
processes show that Turkstra's rule is a good approximation in many practical cases [10,18].
This model will be used for the load combination work in this study because of its simplicity
and because it 1is consistent with the observation that failures frequently occur as a
consequence of one load attaining an extreme value.

The following is an example of load combination analysis according to Eq. 2.28.
Assume that the loads of interest are dead, live and wind load. As discussed in the
following section, the load effects are,

D = permanent or dead load (duration = lifetime T)

Lapt = arbitrary-point-in-time live load

L = maximum live load during T

Wapt = arbitrary-point-in-time wind load

W = maximum wind load during T

According to Eq. 2.28, the calculation of B for reference period T would require the

following load combinations to be considered:
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D+ 1L+ wapt (2.29a)

D+ Lapt + W (2.29b)

Accordingly, the reliability calculations require the means, variances (or c.o.v.) and
probability distributions for the variables in Eqs. 2.29. For example, for Eq. 2.29b,
ii’ Vi and Fi.would have to be determined for the three variables D, Lapt and W.

The minimum value of 8 calculated from these combinations would provide a lower bound

on the reliability of the element.
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3. LOAD AND RESISTANCE DISTRIBUTIONS AND PARAMETER VALUES

3.1 General

The preceding chapter demonstrated that. the determination of reliability indices or
load and resistance factors for a prescribed 8 depends on the estimates of the mean and
variance and probability distributions of the random variables in the limit state equation.
Data on the resistance and load variables required in order to develop the reliability
based logd criterion are summarized in this chapter. Appendices A - E contain detailed
information.

Reliability studies conducted over the past decade have not always used the same
means, variances and distributions due to availability of data and the continually changing
state of knowledge. By and large, the statistical descriptions used in this report are a
synthesis of values reported in numerous previous studies on structural loads and load
models, behavior of structural members, and reliability based design. In a sense, they
are a consensus of the specialists who have published in these areas. We have relied on
published, professionally accepted data insofar as possible. Although we recognize that
knowledge of structural loads and the behavior of materials is continually evolving, we
have opted not to employ load and resistance models which are developmental or speculative
in nature, even when those models show considerable potential. It is our judgment that
models and data which provide the technical basis for standard provisions should be thoroughly
validated prior to their incorporation.

The sources for statistics and distributions for individual loads are primarily the
load subcommittees within ANéI Committee A58 that have expertise in and responsibility for
the loads in the currenf version and projected revisions of the A58 Standard. Similarly,
data on resistance of structural members and components is obtained from the numerous
research reports and papers published by individual researchers, industrial groups and
trade associations. In the following section, we summarize load and resistance distributions
and parameter values used in the reliability analysis and loading criteria development.

3.2 Characterization of Load and Resistance Variables

The basic information required is the probability distribution of each load or resistance
variable and estimates of its mean and standard deviation (or coefficient of variation) or
equivalent distribution parameters (e.g., mode and shape factor for extreme value distributior
The mean and c.o.v. of these basic variables should be representative of values that would

be expected in actual structures in situ. While there frequently are sufficient data to
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obtain a reasonable estimate of fhe probability distribution, in other cases this must be
assumed on the basis of physical argument or intuition. We have emphasized tﬂe use of
two-parameter distributions because, with few exceptions, the quantity of data necessary
to estimate higher order statistics with any confidence does not exist in strﬁctural
reliability problems.

In the context of the first-order, second-moment approach to reliability, the concept
of uncertainty, exemplified by variability or scatter in the variable, is conveyed through
its variance dr coefficient of variation (c.o.v.). The uncertainties used in the reliability
analysis should include all imponderables which may affect design reliability. These
would include "inherent" statistical variability in the basic strength or load parameter.
Additional sources of uncertainty arise due to modeling and prediction errors and incomplete
informaﬁion; included in these "'modeling uncertainties' would be errors in estimating the
parameters of the distribution function, idealizations of the actual load process in space
and time, uncertainties in calculation, and deviations in the application of the A58 load
standard or material specification from the idealiéed cases considered in their development.
While occasionally there may be some data available with which to estimate these latter
uncertainty measures, frequently they must be estimated on the basis of professional
judgment and experience. The key test in differentiating between the "inherent” and
"modeling' uncertainties is in whether the acquisition of additional information would
materially reduce their estimated magnitude. If the variability is intrinsic to the
préblem, additional sampling is not likely to reduce its magnitude, although the confidence
interval on the estimate would contract. In contrast, uncertainties due to "modeling"
should decrease as improved models and additional data become available.

Let X denote a basic resistance or load design variable. Although the true mean and

c.o.v. of X, X and V,,should be employed when evaluating reliability, these generally are

X

not known precisely in structural engineering problems owing to insufficient data and
information. What are available instead are estimates X and onf the mean and c.o.v. of X
which are usually computed from idealized models and data gathered under carefully controlled

conditions. Therefore, while V_ reflects basic statistical variability, it fails to

X

encompass all sources of uncertainty that contribute to the total variability in X. 1If
the bias and uncertainty measure (c.o.v.) attributed to these additional factors are given

by B, and V_, then according to procedures described in detail by Ang and Cornell [1], X

B,
and V., are evaluated as,
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=P

X=3 (3.1)

1/2 (3.2)

~2 2
VX = [vX + VB]

That is, one increases the variability according to the uncertainty in one's ability to
estimate the parameter. (If the model is unbiased, B=1.) Frequently, VB can be broken

2 1/2

down into several parts, in which case Vg =[V§ +V, +. .l . It is implicit in this formu

lation that VB measures primarily the uncertainty in predicting the true mean of X by
X [1].

When data are available,-i and GX can be calculated from the samples using classical
statistical analysis techniques. In cases where the data are limited, the c.o.v. may be
estimated from knowing the range over which it is felt, on the basis of past experience,
the data should lie. If it is assumed, for example, that wvalues in the midrange are more
likely than those near the extremes (X has a "bell-shaped" density) and that roughly 95

percent of the values fall within x, and Xy then

1
u x, + x
iz—l—z—z (3.3)
- 1f{*2 ~ xl)
v 2 e ——— (3.4)
X Z(xz + xl

Similar techniques may be used to estimate V., provided that information on the range of

B?
the means 1is available.

In the following sections of this chapter, the means or characteristic extremes have
been normalized with respect to their nominal values. This is done for convenience and

makes the statistics applicable to a wide range of design situations. The statistics of

the load or resistance variable can easily be computed for each design situation that is

defined by nominal load and resistances, since if

X = (x/xn) - X (3.5)
then

X = X)) © X (3.6)

vX = V(X/Xn) 3.7

In most instances the basic resistance variable is taken as the strength of the structur
member in question, and the basic load variable is the load effect (moment, shear, etc.)
dimensionally consistent with the resistance. These can be used directly when the limit
state is formulated as a linear combination of resistance and load variables. The linear
formulation is quite common in practice and was used for most of the studies described in

later sections.
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3.3 Specifications and Standards

Current design practice in the United States for the various material technologies is gover
by standards and specifications which are kept current by standard committees. These
standards are then adopted (occasionally with modifications) by local or regional building
authorities as the official basis for design. The following standards and specifications
were used in the present study to define nominal parameter values:

Reinforced and Prestressed Concrete Structures:

ACI Standard 318, "Building Code Requirements for Reinforced Concrete,'" American Concrete
Institute, 1977 [19].

Steel Building Structures

""Specification for the Design, Fabrication and Erection of Structural Steel for Buildings,"
American Institute of Steel Construction, 1978 [24].

"Specification for the Design of Cold-Formed Steel Structural Members' American Iron and
Steel Institute, 1968 [28]. '

Aluminum Structures

"Specifications for Aluminum Structures," The Aluminum Association, Third Edition, April
1976 [29].

Masonry Structures

"Specifications for the Design and Construction of Load Bearing Concrete Masonry' National
Concrete Masonry Association, 1968 [25].

"Building Code Requirements for Engineered Brick Masonry" Brick Institute of America, 1969
[26].

Wood Structures

"Standard Specifications for Structural Glued-Laminated Timber of Douglas Fir, Western
Larch, Southern Pine and California Redwood,'" American Institute of Timber Construction,
1974 [27].

3.4 Load Distributions and Parameters

The development of the probability distributions and estimates of their parameters are
described in detail in Appendix A. The loading information is summarized in Table 3.1.
D, L, S, W, E refer to dead and the maximum values of live, snow, wind and earthquake load

effects* over a reference period of 50 years. The annual and arbitrary-point-in-time-

*
The distinction between load and load effect and their analysis is discussed in Appendix A.
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values of the load effect are denoted through the subscripts "ann" and "apt." With the
exception of E, the nominal loads are all defined by the values specified in the ANSI
A58.1-1972 load standard. The nominal snow and wind are the 50-year mean recurrence
interval values.

The nominal earthquake load

Table 3.1 - Load Distributions and Parameters

Load X/Xn VX cdf

D 1.05 0.10 Normal
L Egqs. 3.9 or 3.10 0.25 Type I
L Eq. 3.11 Table A.2 Gamma
apt

W 0.78 0.37 Type I

wann 0.33 0.59 Type I
apt (~0.021) (18.7) Type I
S 0.82 0.26 Type II
S 0.20 0.73 Lognormal
ann

E (Site dependent) (2.3) Type I1

Appendix A

P En is the value from the 1976 edition of the Uniform Building Code. Values given in
parentheses are characteristic extreme and shape parametérs of extreme value distributions
rather than mean and ¢.0.V. VX includes uncertainties due to inherent variability,

load modeling and analysis.

Two values of the nominal live load Ln are of interest in this study. The first is
the value in ANSI A58.1-1972, which was used to determine the values of B which correspond
to existing accepted practice. The corresponding Ln is,

Ln = [1 - min { O.OOOSAT, 0.6, 0.23(1 + ;5)}] L0 ’ (3.9)

in which AT = tributary area (see glossary, Ch:pter 9) and Lo = basic (unreduced) live

load given in Table 1 of ANSI A58.1-1972., The second nominal live load is that proposed

for the 1980 version of the A58 Standard,

L = [0.25 + 15/VA]] L " (3.10) |
in which AI = influence area. This nominal value happens to equal the 50-year mean value, L.

The live load factor in the new load criterion is derived so as to be compatible with the

1980 nominal live load. Similarly, for the arbitrary point-in-time live load,
0.24

Z/Ln= (A58.1-1972 Standard) (3.11a)

D
1 - min {0.0008A;, 0.6, 0.23(1 + i%)}
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0.24
0.25 + 15//a;
(proposed 1980 A58 Standard)

1,
/L

(proposed 1980 A58 Standard) (3.11b)

The environmental loads are site-dependent. The values given in Table 3.1 are representati
the variation with site is illustrated in Appendix A.

3.5 Resistance Distributions and Parameters

The resistance of structural members, cross sections, cross-sectional elements and
connectors is generally expressed by ananalytical formula which has been derived from
theory or experiment. In most cases of importance to structural design specifications, a
clearly defined analytical model exists which has its origin in structural mechanics
theory and which has been verified by experiment. It is possible, however, to cite cases
where the basis of the model is purely theoretical or solely experimental. While it is
evident that many types of analytical models exist in the design specificatidns of the
various structural material groups, only a representative sample of them could be considered
within the scope of this report. Enough models were considered, however, to arrive at
representative parameters for the development of load factors. Detailed descriptions of
these models are presented in the Appendices (B for reinforced and prestressed concrete, C
for metals, D for masonry, and E for glulam and heavy timber), together with the collection
of the available statistical information.

In most cases, the resistance was aésumed to take the following product form:

R = R (PMF) (3.12)

R/R =P XF (3.13)

Vg = \} Vp2 + vMi + vi, (3.14)
Rn in these equations is the nominal resistance based on the model used to best predict
the resistance, and on the nominal material propérties and the nominal ('"handbook™)
geometric properties. For example, for a ''compact" steel beam Rn = FyZ, where Fy is the
specified yield stress and Z is the plastic section modulus.

The factor P is the ratio of test capacities, representing actual in-situ performance,
to the prediction according to the model used. The modeling of the capacity is thus
defined by P (P standing for "professional). Similarly, M and F (M defining "material”

and F "fabrication”) denote ratios of actual to nominal material properties and cross-

sectional properties.
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For example, for a "compact' steel beam,

_ ) - _ . _
P=M;.M=F/F;F=Z/Z (3.15)
ZF vy 'y
v
where (ﬁp)test = the mean plastic moment obtained from tests of beams, ?; = the mean

static yield stress and Z = the mean plastic section modulus. In Appendix C it was found

that
P=1.02, V = 0.06
M= 1.05, vy = 0.10
F=1.00, V, = 0.05
and thus

w|
n

FyZ (1.02 x 1.05 x 1.00) = 1.07 FyZ

2 4+ 0.05% = 0.13

and v, = Y0.06% + 0.10
The simple resistance model of Eq. 3.12 suffices for most cases which we have considered,
although more complex models were used also (see especialiy reinforced concrete beam-
columns in Appendix B and masonry walls in Appendix D).
The rationale for selecting the material statistics for each particular structural
material is discussed in detail in the Appendices, where the origin and the significance
of the data is also considered. Most of this material for reinforced concrete structures

and for metal structures has been previously treated quite extensively in the literature.

However, little has been previously presented for masonry and wood structures.

3.5.1 Resistance Statistics for Reinforced and Prestressed Concrete Structures
Table 3.2 presents representative statistical data (from Appendix B) for reinforced
and prestressed concrete members. The probability distributions are assumed to be normal;

i/Rn and VR were obtained by fitting a normal distribution to the lower tail of the simulated

distribution.
Table 3.2
Typical Resistance Statistics for Concrete Members
Designation R/R v
) n R
Flexure, Reinforced Concrete, Grade 60 1.05 0.11
Flexure, Reinforced Concrete, Grade 40 1.14 0.14
Flexure, Cast-in-Place Pretensioned Beams 1.06 0.08
Flexure, Cast-in-Place Post-Tensioned Beams 1.04 . 0.095
Short Columns, Compression Failure, f; = 3 ksi 1.05 0.16
Short Columns, Tension Failure, fé = 3 and 5 ksi 1.05 0.12
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Table 3.2 (Continued)

Designation R/R v
n R
Slender Columns, kL/h = 20, f' = 5 ksi,
compression failure ‘ 1.10 0.17 -~
Slender Colummns, kL/h = 20, f' = 5 ksi,
tension failure ¢ 0.95 0.12

Shear, Beams with a/d > 2.5, o, = 0.008

no stirrups 0.93 0.21
minimum stirrups 1.00 0.19
pry = 150 psi 1.09 0.17

Note: 1 ksi = 6.9 N/mm2

3.5.2 Resistance Statistics for Metal Structural Members

Following are some representative samples of resistance statistics for metal members
and components (from Appendix C). Probability distributions were assumed to be lognormal

in each case.

Table 3.3

Typical Resistance Statistics for Metal Structural Members

Designation iYRn v

Structural Steel

Tension members, limit state - yielding 1.05 0.11
Tension member, limit state - tensile strength 1.10 0.11
Compact Beam, uniform moment 1.07 0.13
Beam-Column ' 1.07 0.15
Plate Girders, flexure 1.08 ‘ 0.12
A325 HS Bolts, tension 1,20 0.09
Axially Loaded Column 1.08 0.14

Cold-Formed Steel

Braced Beams with stiffened flanges 1.17 0.17
Columns with stiffened flanges 1.07 0.20
Alunipum

Beams, laterally braced 1.10 0.08
Beams, unbraced 1.03 0.13
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3.5.3 Resistance of Engineered Brick and Concrete Masonry

Statistical characteristics of unreinforced masonry walls in compression plus bending
are derived from data on full size walls tested in the laboratory, augmented by a factor
to account for differences between fabrication and curing conditions in situ and in the
laboratory (Appendix D).

The strength of brick and concrete masonry walls in compression plus bending appears
to be modeled satisfactorily by a lognormal distribution. The mean and c.c.v. of strength,
measured in terms of vertical load, are summarized in Table 3.4 for two common wall slender-
nesses. The mean values depend on eccentricity ratio, e/t, and on slenderness, h/t.
Variations in these estimates among individual sets of data naturally are to be expected;
however, these values are representative and are suitable for the reliability analyses
leading to the load criterion development.

Table 3.4

Resistance of masonry walls in compression plus bending

Brick Masonry Concrete Masonry
Type Slenderness h/t TURh Ve “}E/R.rl VR
e/t = 0 e/t = 1/6
Inspected 10 5.3 6.0 0.18 4.2 0.19
15 5.6 6.3 0.18 4.8 0.19
Uninspected 10 3.2 3.6 0.21 2.5 0.21
15 3.4 3.8 0.21 2.9 0.21

As discussed in Appendix D, there is some question as to whether i/Rn and VR referred
to vertical load capacity are the most realistic statistical parameters for characterizing
resistance when e/t becomes large. Calibrations were also performed for pure flexure,
which provides an estimate of the reliability at very large eccentricities. In pure
bending, i/an 3.9 and VR = 0,24,

3.5.4 Glulam Members in Bending, Tension and Compression

The behavior of glued-laminated (glulam) structural members in bending, tension and
compression has been determined from laboratory tests of large specimens, adjusted for
load duration and, in the case of flexural members, for size. These data are discussed in
detail in Appendix E, along with some problems in analyzing reliability of wood structures.

Dimension lumber and light frame construction have not been included in this study.
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Estimates of means and c.o.v. are presented in Table 3.5 for flexure. Additional
data is presented in Table E.4 in the Appendix. One factor which influenced tﬁe decision
to emphasize glulam data was that the current strength-load duration relation appears to
be more suitable for glulam than’for other timber members containing more imperfections.
As discussed in Appendix E, _li/Rn depends on the load combination because the load duration
effect for each maximum load is different. Minor variations in thevstatistics with species
have been ignored. There is conflicting evidence on whether the cumulative probability
distributions are Weibull or lognormal. In the reliability analysis of existing designs
in the following chapter, both distributions are used to demonstrate the sensitivity to
assumptions regarding distributions.

Table 3.5

Resistance Statistics of Glulam Beams

Maximum Load in D L S W,E
Combination

E/R_n 1.75 1.97 1.62 1.80

VR 0.18 0.18 0.18 0.18
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4. CALIBRATION WITH EXISTING STANDARDS

4.1 General Considerations

Previous parts of this report have established the basis for a probability based
design methodology and have summarized statistical data on loads and resistances. For the
development of a probability based load criterion, it is necessary to establish target
reliability indices, B. In order to do this it is first required to establish B values
inherent in present design practice.' This chapter will review these B's from the details
presented in the Appendices which deal specifically with the material technologies of
reinforced and prestréssed concrete, metals, wood and masonry. The reliability indices
typical of present design will be used as a guide in establishing targets for the new
leoad criterion.

4.2 Gravity loads

The prevalent load combinations involving gravity loads are: (1) dead plus maximum
cccupancy live loads on floors (D + L) and (2) dead plus maximum snow load for roofs (D +
S). Each design situation is defined by a set of nominal resistance and load values. 1In
present allowable stress design specifications,

R /FS =D + L (4.1)

In plastic design of steel structures,

R =17 (D +1L) (4.2)
In concrete structures,

¢Rn = 1.4 Dn + 1.7 Ln (4.3)

The gravity load cases govern in many practical design situations and are considered to be
of fundamental importance in the calibration work.

Typical representative variations of B with LO/Dn and Sn/Dn are given in Fig. 4.1 for
reinforced concrete and steel beams. Lo’ recall, is the basic live load in‘Table 1 of
Ref. 2, e.g., 50 psf (2.39'N/m2) in offices. From this figure it is evident that the
variation of B for such beams is remarkably similar. In each case B decreases as Lo/Dn or
Sn/Dn increases. When viewing the similarity it should be kept in mind, however, that
reinforced concrete beams have practical ranges of Lo/Dn or Sn/Dn of 0.5 to 1.5, while for
steel beams this range is from 1 to 2. As shown in Fig. 4.1, the significant load ratios
for steel beams are thus shifted to the right with regard to concrete beams. Representative

values for B are thus 2.8 and 3.1 for concrete beams, and 2.5 and 2.9 for steel beams for,

respectively, the D + L and the D + S combination.
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BEAMS - GRAVITY LOADS
| Typical range for |

| reinforced concrete |
|  Typical range

5 3 % T for steel

AT = 400 ft2 ———3
2 Curve | Description R/Rn | VR
1 | RC-Grade 60 D+L {1.05 0.1
2 | RC - Grade 40 D+L | 1.15 0.14
1 3 |RC - Grade 60 D+S | 1.05 0.11
B 4 |RC - Grade 40 D+S | 1.15 0.14
5 Steel D+L 1.07 D.13
6 Steel D+S 1.07 0.13
0 L 1 ] - 1 ]
0 0.5 1.0 1.5 2.0 25 3.0
Lo/Dn or Spn/Dn
Figure 4.1 - Reliability Index for Steel and Reilnforced Concrete Beams 2
Conforming to Current Criteria - Gravity Loads (100 ft° = 9.3 m")
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Other typical values of 8 for the D + L combination for metal structures are summarized
(see Appendix C for a detailed tabulation) as follows (1 ft2 = 0.093 mz):

Tension members, limit state yield, (AISC), Lo/Dn =2, B=2.5

Compact simple beams, (AISC), AT = 1000 ftz, Lo/Dn =2, 8=3.1

Steel columns‘(AISC), AT = 2500 ftz, Lo/Dn =1, 8= 3.1 and 2.8, respectively, for
typical major axis and minor axis buckling

Cold-formed steel and aluminum members have typically high LO/Dn ratios (around 5), and
s0 B's for these elements are usually around 2,5.

Typical values of B for the D + L combination for concrete structures are (from

Appendix B):

Cast-iﬁ-place postensioned beams, AT = 400 ftz, LO/Dn

Plant-precast pretensioned beams, Am = 400 ft2, LO/Dn
Tied columns, Compression failures, AT = 1200 ftz, LO/Dn =1, B = 3.4

3.0

f
—
-
™
[}

]
=
-
™
]
w
[}

”
Spiral columns, Compression failures, AT = 1200 ft~, LO/Dn =1, B = 3.1

Shear, beam with minimum stirrups, AT = 400 ftz, LO/Dn =1, B

]
N
o

While the reliability index for typical steel and concrete structures under dead and
live loads is in the vicinity of 3, B for typical brick and concrete masonry walls and
columns under compression and bending appearsto be considerably higher (see Figure 4.2 and
Appendix D, figures D.7 - D.10). For e#ample, for walls in compression built with inspected
workmanship with a typical live-to-dead load ratio Lo/Dn = 0.5, a tributary area of 400
ft2 (37 m3) and a height-to-thickness ratio of 10, 8 = 7.4 for brick masonry and B = 6.2
for concrete masonry. The reliability for uninspected masonry, with its higher c.o.v. and
lower iYRn, is considerably less; uninspected workmanship causes 8 for the same brick wall
to decrease to 4.7. At high eccentricities (e/t in excess of 1/6), B begins to diminish,
falling to about 3 when e/t reaches the maximum allowable value of 1/3. Reliability
indices for reinforced masonry columns in compression are between 6 and 7.

Reliabilities calculated for glued-laminated timber members are quite similar to
those for the lighter metal structures (see Figure 4.3 and Appendix E, Figu;es E.2 - E.4);
B varies from 2,2 to 2.6 for a beam with a typical LO/Dn =3, and B is in the range 2.1 -
2.5 for a beam with Sn/Dn = 3. The sensitivity of 8 to probability distribution for

resistance becomes less pronounced at larger and more typical ratios of LO/Dn and Sn/Dn'
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\\\ . — 4
———y UNREINFORCED MASONRY
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—— - \-,‘__ .
=z AT = 400 ft2
Curve | h/t | Description
1 10 | Brick - Inspected
2 15 | Brick - Inspectad
3 10 | Concrete - Inspected
4 15 | Concrete - Inspected
5 10 | Brick - Unispected
. | | | 6 15 | Brick - Uninspected
0.25 0.50 0.75 1.0
Lo/D

Figure 4.2 - Reliability Index for Nonreinforced Brick and Concrete
Masonry Walls Conforming to Current Criteria (100 £ft2 = 9.3 m?)

GLUED - LAMINATED MEMBERS

Curve | Description c.d.f.
1L Bending D+L - Lognormal
1W | Bending D+L Weibull
2L | Bending D+S Lognermal
2w | Bending D+S Weibull
3 3W | Tension D+W Weibull
':’w R aw | Compression D+w| Weibull
IW
] ] A 1 1 ]
0 1 2 3 4 5

Ln/Dn, Sp/Bn, Wn/Dn

Figure 4.3 - Reliability Index for Glulam Members Conrorming to
Current Criteria
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4.3 Gravityv and Environmental Loads

The major load combinations are dead, live and wind (D + L + W) and dead, live and
earthquake (D + L + E), Discussion will first focus on the combinations D + Lapt + W and
D+ L+ wapt’ where L and W define the maximum magnitudes and Lapt and wapt are the
"arbitrary-point-in-time'" values.

The variation of B with various LO/Drl and Wn/Dn ratios is shown in Fig. 4.4 and 4.5,
respectively, for steel gnd reinforced concrete beams. In the calibration, Rn is determined
for each design situation, from

Allowable stress design:

Rn = (FS)(Dn + Ln + wn) 3/4) (4.4)

Plastic design in steel:

Rn = 1.3(Drl + Ln + wn) (4.5)

Reinforced concrete:

Rn = 0.75(1.4Dn + 1.7Ln +1.7W)/¢ (4.6) ‘

The effect of the rate of loading has been included in the calibration by multiplying
i/Rn by 1.10 for steel members and 1.05 for reinforced concrete members. This difference
accounts for the relatively higher dead load component of the total load effect in the
concrete structures as compared with steel structures. Assuming the time needed for the
-wind load effect to reach a limit state value is the same for both types of beam, the rate
is higher for steel beams since the wind component of the total load effect is greater.
The strain rate effect for steei structures was estimated to be of the same order as in
the standard ASTM coupon tést, giving essentially the mill test yieid stress rather than
thé static yleld stress as the basic material variable (i.e., R is multiplied by 1.10).
For concrete structures the effect was cut in half, i.e., to 1.05.

From Figs. 4.3 to 4.5 it can be seen that B decreases as Wn/Dn increases, and that B
increases as Lo/Dn increases. While the curves in Figs, 4.4 and 4.5 are for beams, the
results Vould be similar for other types of members for which the resistance statistics
are similar. It can be seen from Figs. 4.4 and 4.5 and the data presented in the Appendices
for the various material technologies that B for wind approaches a value of 2 in cases
where wind is the major load component. With greater live and dead load, the value of
8 increases to that of the D + L case. In general the wind load combinations resul; in a
somewhat lower reliability in current practice than the D + L and the D + S combinations.

This is due to the 1/3 increase in allowable stress (or the use of 3/4 of the total factored
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GRAVITY PLUS WIND

05 Steel beams
AT = 400 ft?
R/Rp = 1.502 VR = 0.13

2
1 4
B 3
A T Tm—— — 2
A N -——1
A Steel columns
A=0.7,1Lo/D=1.0
R/Rn = 1.28, Vg = 0.14
AT = 5000 ft2
| ] 1 | 1 L
0.5 1.0 1.5 2.0 25 3.0

Wn/Dn

Figure 4.4 -~ Reliability Index for Steel Members Conforming to Cgrrent
Criteria - Gravity Plus Wind Loads (100 ft:2 =9,3m" )
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1F {b} R/C Beams - Grade 40 Reinforcement
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Figure 4.5 - Reliability Index for Reinforced Concrete Beams Conforming to
Current Criteria - Gravity Plus Wind Load - A, = 400 ft’ (37 m’)
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loads) in all of the current codes used for calibration in this report. It is possible

that the reliability of structures under wind is only apparently less because of such
factors as load-sharing by cladding and load redistribution among members. The fact that

a number of members share the load, nbt all of which will be equally understrength, provides
a mitigating effect that has not been directly included in the analysis.

Typical values of B for the earthquake loading case D + L + E, are given in Fig. 4.6
for two locations; Boston and Los Angeles, and for steel and concrete beams and columns,
respectively. Strain rate effects have been incorporated in this analysis. Due to the
high variability of the earthquake loads (see Appendix A) as compared to the variability
of dead loads, the B—versus-En/Dn curves flatten out rapidly to values which reflect
essentially only the contribution of the earthquake load effect. Reliability indices for
D+ L + E are lower than for D + L + W. While the difference between beams and columns is
small the effect of geographic location on £ is pronounced. Values of B for steel tend to

be somewhat lower than for concrete. Typical values of B for D+ L + E from Fig. 4.6 are:

Material E /D, Location ) B

Steel beam ) 2 Boston 2.0
Steel beam 2 Los Angeles 1.5
Concrete beam 1 Boston 2.1
Concrete beam 1 Los Angeles 1.6

When the effects of wind or earthquake counteract the effect of gravity loads, the
reliability indices tend to be somewhat lower than when the loads are additive, as indicated
in Fig. 4.7 for the W - D combination. The discrepancy is especially pronounced in allowable
stress formats where, as indicated in Chapter 1, it is difficult to treat the combinations
in which loads are added and subtracted consistently from a safety viewpoint. The descending
branch of the curves in Fig. 4.7 is a result of the minimum strength that the member has

even if it 1s not specifically designed to resist counteracting load effects, e.g.,

Allowable stress design: Concrete structures:
(Dn + Ln)FS 1.4 Dn + 1.7 Ln
Rn = max ¢Rn = max
0.75 (W_ - D )FS 1.3 W_-0.9D
n n’ """ n n

The reliability for concrete beams and columns generally is closer to the additive load
cases because the individual load (effects) are factored.
This section has examined the notional probability of exceeding a limit state, as

characterized by the reliability index B8, for various load combinations and for various

51



{a) Hot-Rolled Stee! - Earthquake load
AT = 400 ft2
Lo/Dp = 1.0

4 I~ Beam

o o = Column [\ = 0.7)

S — —

1+ (U/En = 0.67)
0 ) \ L 1
0 1 2 3 4 5
En/Dn
(b] R/C Concrete - Grade 80 - Earthquake load
AT = 400 12
Lo/Bn = 0.5 ,
4 - Beam
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B \\,\
2 + e e e e e o~ Boston [U/En = 0.4)
— e e - Los Angeles (U/Eq = 0.67)
1+
oL ] 1 1 ] 4
0 1 3 4 5
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Figure 4.6 = Reliability Index for Steel and Reinforced Cogcrete Beams -~
Gravity Plus Earthquake Load (100 £t° = 9.3 m°)
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COUNTERACTING LOADS (W - D]

LEGEND

- 1 Steel heam _
2 Steel column [\ = 0.7)
3 Concrete beam (Grade 60 reinforcement)

1 1 I | o
2

3 4
Wn/Dnp

Figure 4.7 - Current Reliability Index for Steel and Reinforced
Concrete Members - Counteracting Loads
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material technologies, It appears that B inherent in current design is smaller for load
combinations which include load effects due to wind or earthquake than for load combinations
with gravity loads only. This conclusion may be only apparently true, In the case of

live loads, the load consists of multiple discrete sources and the effect on the structure
is generally local. This is quite different from wind and earthquake loads which affect

the entire structure. Many mitigating effects cannot be directly translated into ratiomally
definable quantities, and since structures do not seem to experience problems due to this
apparent reduction of reliability, it was decided to allow the smaller reliability indices
under the load combinations involving wind and earthquake to carry over in setting the

target reliabilities, 80. This is done in Chapter 5 of this report.
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5. DEVELOPMENT OF DESIGN CRITERIA

5.1 Scope

The loading criterion developed in this report is intended for use in the design of
buildings and other structures. It has been developed to be compatible with the loads
presented in the 1980 version of the A58 Standard. The numerical values of the factors
will generally need adjustment if used with loads which have been deéveloped on the basis
of different assumptions (e.g., 30 yr. reference period versus the 50 year period specified
herein) or loads of different character (e.g., vehicle loads on bridges) from the loads
discussed in this report. However, the methodology of arriving at load factors still
applies, and enough information and instruction is contained herein to generate them in a
manner consistent with the load factors presented here.

The load criterion presented applies only to the ultimate limit states. Load criteria
governing serviceability limit states currently are under study. It is possible that an
LRFD format may not be appropriate in all instances for serviceability checks.

5.2 Selection of Format

Probability based limit states design 1s based on loads or load effects which are
multiplied by load factors which are generally greater than unity and resistances which
are multiplied by resistance factors, less than unity, according to the equation:

Factored resistance > Effect of factored loads (5.1)

The characteristics of a number of different formats for presenting this equation
will be reviewed in this section prior to choosing the format proposed in this report.

The final choice of format must balance theoretical appeal, computational ease, accuracy
and user acceptance.
5.2.1 Load Factors

The National Building Code of Canada [21] uses the probability factor format given in
Eq. 5.2 to specify the basic loading cases:

Factored Load Effects = U {YDDn + W(YLLn oyt YTTn)} (5.2)
where U refers to the load effects due to loads in the brackets and Dn’ Ln’ etc. are the
loads; YpsYys etc. are load factors; and ¥ is a load combination probability factof equal
to 1.0, 0.7 and 0.6 if one, two or three loads are included in the bracket. The dead load
factor Yp may have values of 1.25 when Dn and Ln, etc. are additive and 0.85 where Dn
counteracts Ln’ etc.
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In this format and all others discussed, the terms Yp»Yy» ete. account for variations
in the dead or other loads themselves plus variations in the load effects due to uncertainties
in the load models and the structural analysis. The factor ¥ in this format accounts for
the reduced probability that maximum dead, live, wind, etc. loads act simultaneously.
The European Concrete Committee Model Code [3] uses Eq. 5.3 to define the basic
factored load effects:
Factored Load Effects = U {YDB + YQ [Q1k +i§l (WoiQik)]} (5.3)
where U refers to the load effects due to all the loads in the brackets; Qlk and Qik are
the characteristic values of the principal variable load (Ql) and some other less important
variable load; Woi is'the ratio of the frequent or arbitrary point-in-time value of the
ith load to the characteristic value of that load; and YQ is the load factor on the combi-
nation of variable loads. The characteristic value of a load is a moderately high fractile
of the arbit¥aryv-point-in-time distribution of that load, roughly comparable to the loads
specified in the ANSI A58 Standard. In computing the maximum factored load effect for a
problem involving several variable loads, it may be necessary to consider several combinations
with each of the loads considered as the principal variable load in turn. In situations
involving P-A moments, the right hand side of Eq. 5.3 is multiplied by an analysis factor, Ye
The LRFD format proposed by Ravindra and Galambos [9] involves a set of several load ?
factor equations which include the most common load combinations. In simplified form,
these are: |
For dead load and live load:

Factored Load Effects = yDD + YLL (5.4)
where D is the load effect due to the mean dead load and L is the load effect due to the
mean of the maximum live loads anticipated on structures during their lifetimes (mean
lifetime maximum live load).

For dead load plus arbitrary point-in-time live load and lifetime

maximum wind load:

W) (5.5)

Factored Load Effects = (Ybﬁ + v 0

aptlapt T Y

is the load effect due to the mean arbitrary point-in-time live load which, as

where L
apt

explained in Chapter 3, is different from (lower than) LT in Eq. 5.4, and W is the mean
lifetime maximum wind load.
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For dead plus arbitrary point-in-time live load plus lifetime maximum snow load:

Factored Load Effects = (YDD + YaptLapt + YSS (5.6)
For lifetime maximum wind load minus dead load:

Factored Load Effects = (Ywﬁ (5.7)

- YDminB)

Equation 5.5 is actually a restatement of Eq. 5.3 in which wind load is the principal
variable load and live load is the only other variable load that is significant. The term
Yaptiépt in Eq. 5.5 is equivalent to U{YQ Woi Qik} in Eq. 5.3, the major difference being
that the load is given as a multiple of the maximum load (woiqik) in Eq. 5.3, but as a
separate loading case with its own load factors in Eq. 5.5. In general it would seem that
the advantages of the computational simplification attained by expressing the arbitrary-
point-in-time live load as Woif in Eq. 5.3 will more than offset any advantages due to the
increased accuracy attained by considering a seﬁarate loading case, Lapt (Eq. 5.5). The
same could be said in comparing Eq. 5.3 and Eq. 5.6.

Equations 5.3, 5.5 and 5.6 appear to express the true combination of loads in a
better fashion than Eq. 5.2. In an interijor column of a symmetrical sway frame, for
example, the vertical loads are due to D and L while the moments are primarily due to the
wind load. If the critical loading condition involves both axial force and moment due to
D, L and W, Eq. 5.2 would base design on 70 percent of the wind load moment while Egs. 5.3
and 5.5 would use the entire wind load moment.

If the methodology of Eq. 5.2 were applied to loadings cpnsisting of dead, live, wind
and snow, a total of 14 loading combinations conceivably could be considered (including
all cases involving Yp = 0.85 and 1.25). If Eq. 5.3 is applied to these loadings a total
of 32 combinations can be postulated. If, however, the methodology of Egqs. 5.4 to 5.7 is
applied to these loadings, only four combinations need to be considered. Ciearly, if
computational simplicity is considered important, a few fundamental load combinations must
be explicitly stated for design, as is done in Eq. 5.4 to 5.7,

The set of load factors recommended in this report will combine the best features of
Equations 5.3 and LRFD. In general, the load factors should be applied to the load prior
to performing the analysis which transforms the load to a load effect. Provided that the
relation between load and load effect is linear or nearly so, it makes no difference when
the load factors are applied. However, for certain nonlinear problems, it is unconservative

to factor the load effect.
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5.2.2 Resistance Factors

The left hand side of Eq. 5.1, factored resistance, can also be expressed in several
ways. The most familiar of these to North Ameriéan designers is the use of resistance
factors based on structural action. In this format, the left hand side of Eq. 5.1 is
expressed as ¢Rn where ¢ is a strength reduction factor or resistance factor which appliés
to a particular structural action such as flexure, shear, bond, axial compression, etc.
This design format is used in the ACI Standard 318 [19] and the Load and Resistance Factor
Design of steel structures [9].

The ACI Code ¢ factors represent an early attempt to account for the possibility of
understrength as well as the consequences of failure and moae of failure. The history of
these provisions and a brief discussion of their statistical derivation is presented by
MacGregor [23]. Based on a reliability analysis model, Ravindra and Galambos [9] have
proposed load and resistance factors for structural steel design. The resistance factors,
¢, differ for each ultimate limit state. Essentially, the factors proposed do not reflect
the mode of failure, except that the very serious consequences of a connection failufe
relative to its cost are reflected by lower ¢ factors based on a target probability of
failure that was arbitrarily set at 2 1/2 orders of magnitude lower than for members.

The other important method of specifying resistance factors uses material partial
safety factors. In the Comité Furo-International du Béton (CEB) Model Code [3], the
strength of a cross-section is computed using design material strengths equal to fé/yc
and fy/Ys where Ye and Y, are material partial safety factors or material understrength
factors for concrete and steel respectively. These partial safety factors are the same
for all 1limit states. For average construction quality these terms have values of 1.5 and
1.15 which cofrespond roughly to 1 in 1000 understrengths of concrete and steel. If the
anticipated dimensional tolerances exceed normal practice, the designer is askéd to reduce
the effective depths, etc. used in calculations by the difference between the anticipated
and normal tolerances. Although there is provisjon in this system to recognize the con-
sequences of failure or mode of failure, the CEB has no intention at present of including
these effects in normal design.

The major factors to be considered in deriving resistance factors include:

(1) Variability in member strength due to variability of material properties in the

structure. In the case of a composite material two or more material variabilities

may have to be considered.
58



(2) Variability in member strength due to variability of dimensions.

(3) Variability in member strength due to simplifying assumptions in the resistance
equations (e.g., the use of a rectangular stress block in concrete design).
This is referred to as variability due to model error.

(4) 1Increased risk to building occupants if failure occurs without warning and the

post-failure strength is much less than original strength.

(5) Importance of member in structure.

(6) Designers' familiarity with method used.

Table 5.1 compares the manner in which the two resistance factor formats listed
earlier respond to these factors. A rating of 0 is given if this factor is not included
in the method as normally used, a rating of 1 is given if the factor is considered and a
rating of 2 is given if the particular factor is treated particularly well. Only the
format has been considered in Table 5.1. The validity of the statistical analyses used to
derive the existing resistance factors has been ignored since the derivation of factors
for future codes will presumably be more up-to-date.

Based on the ratings given in Table 5.1 the structural action resistance factor or ¢
factor is recommended for use in material standards in the United States,

5.3 Target Reliability Indices

It is not the purpose of this report to make specific recommendations to material
specification groups as to precisely what reliabilities their strength criteria should be
targeted upon. As discpssed in the executive summary, it is the writers' feeling that
decisions of this nature fall outside the scope of the A58 Standard; instead, they are the
responsibility of the material specification committees where the necessary expertise on
material performance exists. Nonetheless, it is necessary to have an idea of the range
that these target reliabilities are likely to fall within, so as to make it possible to
perform the necessary calculations leading to specific load factors. It should be emphasized
that this actually places little restriction upon individual material specification groups,
since once the load factors are determined, the actual design reliabilities may be adjusted
through an appropriate selection of ¢-factors. Indeed, some simple graphs of ¢ vs. B are
provided in a later section that specification committees can use to assist in making
these decisions.

The target reliabilities selected here, denoted Bo’ then, are chosen solely for the

purpose of enabling the load factors to be selected intelligently. We feel strongly that
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the new probability-based load criterion should lead to designs which are essentially the
same, in an overall sense, as those obtained using current acceptable practice. This is
because of the evolutionary nature of codes and standards, which requires changes to be
made cautiously and deliberately. This is not to say that all designs would remain the
same in every instance; if that were so, there would be no reason or motivation for using
the new criterion. One of the advantages of reliability-based design is that it enables
inconsistencies within a particular specification to be eliminated and more uniform reli-
abilities to be attained over a rangé of situations.

The tafget B-values selected for deriving the load factors are representative of
those associated with existing designs. As shown in Chapter 4 and the Appendices, these
span the range from 1.5 for some metal tension members to over 7 for certain masonry walls
with very small vercical load eccentricities. However, many flexural and compression
members tend to fall within the range B = 2.5 to 3.0 for the D+ L, D+ S, and D+ L + W
load combinations. These are among the most common combinations governing designs in
large parts of the United States, and there is general professional agreement that present
designs in these cases are satisfactory. It seems appropriate, then, that the target Bo
chosen for purposes of deriving the load criterion fall within this range. 1In the following,
the target Bo for D+ Land D+ S is 3.0; for D+ L + W, Bo = 2.5; and for D+ L + E, BO =
1.75. Generally speaking, these values are slightly more comservative than indicated by
current practice when the transient load (Ln, Wn, Sn, En) is large in comparison with the
permanent load and less conservative when the permanent lcad is a major component.

5.4 Reliability-Based Design

While several levels of sophistication for reliability-based design can be i1dentified,
two of particular current interest are referred to as Level II and Level I methods. Level
II methods are primarily of interest to technical committees. For a given limit state,
they employ safety checks at a number of discrete points, e.g., at selected values of
Ln/Dn wn/Dn’ etc. The basic design variables in the limit state equation are specified in
advance., Reliability is measured either by the reliability index or a notional probability
of failure. Level I methods involve the selection of one set of load factors to be applied
to all designs, regardless of Ln/Dn’ Wn/Dn,.etc., and a resistance factor which depends on
the material and limit state. Levels I and II can be made equivalent if the load and
resistance factors in the Level I format are allowed to vary.
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For operational convenience, practical design criteria in the United States will be of
Level I type in the foreseeable future. It is instructive, however, to examine how the
load and resistance factors corresponding to prescribed values of SO vary for different
limit states and load situations. The reader will then be in'a better position to appreciate
some of the considerations which guide the selection of the material-independent load
criterion. 1In this section, Lefel IT design criteria are presented for selected cases.

The format selected for the criteria is the load and resistance factor format presented in
Section 5.2.

Load and resistance factors corresponding to Bo = 3 for steel beams are shown in Fig.
5.1 for D + L, and in Fig. 5.2 for D + S. Factors derived with Bo = 2.5 for D+ L + W are
shown in Fig. 5.3. Similar relations are presented in Figs. 5.4 through 5.6 for concrete
beams with Grade 60 and Grade 40 reinforcement. These factors are compatible with nominal
loads specified in the 1980 version of the A58 Standard.

Several points are worth noting about these figures. First of all, the resistance
factor is relatively insensitive to the time-varying load(s) in the combination (e.g.,
live, snow, wind, as appropriate) when that load is very small. Similarly, the load
factors do not appear to be especially sensitive to the resistance statistics. Altﬁough a
certain amount of coupling between the resistance and load factors exists, the fact that
this coupling appears relatively weak has some important implications for the general load
criterion to be developed in the next section. The load factor for dead load (effect) is
much lower than in any existing or proposed standard that the writers are aware of. This
is because the variability in D is quite small compared to other load variabilities. The
magnitude of Yp appears to be virtually independent of the magnitude of the time-varying
load(s) in the equation. The live load factor in the D + L + W combinations in Figs. 5.3
and 5.6 is less than unity because Lapt is much less than Ln' A comparison of Figs. 5.1
to 5.3 and 5.4 to 5.6 shows that the resistance factor is in the same range for the D + L
and D + L + W combinations.

These observations indicate that choosing Yp to be constant and uncoupling the resistanc
and load factors will not cause significant deviations from the target reliability in
Level 1 design. On the other hand, the load factor on the £ﬁme—varying load in the combinati
increases as that load increases because its higher variability becomes increasingly more
important in determining the total load effect. It follows that 1if the load factors for

time-varying loads are specified as constant, as 1s done in current design procedures,
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there will be some deviation from the ideal constant reliability for certain load
situations. It should be noted that if the dead load factor is fixed, the time varying
load factor would not drop quite so rapidly for small load ratios im Figs. 5.1 - 5.6.

5.5 Selection of Load Factors

Section 5.4 has shown that for the reliability requirement to be fulfilled, (4, Yi) mus
depend on the particular load combination, strength, and on the mean, variance and c.d.f.
of all variables in the limit state equation. If a constant set of ¢ and v's are prescribed
the associated reliabilities will deviate from the target reliabilities for certain design
situations. However, it is possible to select one set of load factors that minimizes the
extent of this deviation when considered over all likely combinat;ons of load. While the
resistance factors will depend on the material and limit state of interest, the load
factors will be independent of these considerations.

In general, an optimal set of load factors can be selected by (1) defining some
function which measures the "closeness" between the target reliability and the reliability
associated with the proposed load and resistance factor set, and (2) selecting Y; so as to
minimize this function. The choice of an appropriate function is not unique, and some of
these are quite sophisticated. It is possible to select the function so as to heavily
penalize unconservatism (or vice versa) or to include such economic factors as total life
cost (in which case, a discount rate must be estimated). However, for first-generation
reliability load criteria it seems most appropriate to use a simple function.

We first observe that associated with BO and a given set of nominal loads, there is
some corresponding required nominal resistance, RsI; this may be calculated from the Level
II load and resistance factors in Section 5.4 that are functions of the load ratio and
load combination. On the other hand, a design equation which prescribes a set of load
factors that are constant for all load ratios will also lead to a nominal resistance, Ri
that may differ from RiI. For example, if the factored resistance and dead, live, and

wind loads are linearly related,

I _
R = (YDDn + oy L+ ywwn)/¢ (5.8)
We then select a set of v and ¢ to minimize,
_ 11 I,2
I(e,vy =2 [R ™ - R 1™ py (5.9
i i i

over a predefined set of combinations of dead, live, snow, wind and earthquake loads,
wherein P; = the relative weight assigned to the ifh load combination. The implication of
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minimfzing the square of the difference between Rﬁlaﬁd !

- is that deviations from BO

which are conservative and those which are unconservative are penalized equally.

Minimization requires the selection, a priori, of a particular criterion format. In
principle, this could range from an equation with one overall safety factor to ‘some of the
complex formats being considered by standards organizations in Europe. As with multiple
regression analysis, the more independent factors that are assigned, the closer the criterion
will come to achieving the target Bo over all possible design situations. The format
discussed in Section 5.2 appears to be the best compromise between the conflicting needs
of minimizing deviations from the ideal and of having a criterion simple enough for everyday
design use. ,

The nominal load ratios Ln/Dn’ sn/Dn’ etc. and ﬁhe relative frequency of different
common load situations vary for different construction materials. The weights assigned
for the D+ L and D + S combinations in Tables 5.2a and 5.2b represent our best estimates
for the likelihood of different load sithations, but it should be noted that they are not
based on extensive empirical data. Studies of the sensitivity of the optimal safety
factors to various assumptions showed that they were considerably more sensitive to the
range of Ln/Dn? etc., than to the distribution of p; within that range. Note that with
reinforced concrete and masonry structures, the dead load contributes a significant component
to the total load effect. For load combinations involving wind and earthquake, it was
assumed that values of Wn/Dn and En/pn of 0.5, 1.0, 3.0 and 5.0 were equally likely. For
lower ratios, gravity loads would tend to govern. The optimization was performed over
each load combination separately.

Gravity loads We considered first the D + L and D + S combinations for the different
construction materials, determined RiI for BO = 3.0, and determined the optimal ¢, YL’YS
for selected :situations using Eq. 5.9. A restriction placed on the process was that Yp =
1.2; while the results in Section 5.4 showed that the best value of Yp would be about
1.10, it is doubtful that the profession would accept this low a value. A portion of the
results of this first phase is shown in Table 5.3. Of course, the optimal ¢ and Yy
depend on the load combination and material. The second stage was to select one y-factor
which could be used with both live and snow load, an additional constraint placed on the
process to simplify the final load criteria. This y-factor should be as close to the load
factors listed in coiumn 4 of Table 5.3 as possible; at the same time, ¢ should fall close

to the desirable range of 0.80 - 0.85 for flexure in steel and concrete beams. This is
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to allow material specification writing groups some leeway to adjust ¢ for different
quality control procedures, minor changes in target reliability, etc. It was found that
Y.< Yg ™ 1.6 or 1.7 both fulfilled these requirements and 1.6 was chosen to allow specificatic
writers a little additional flexibility in selecting ¢. Eq. 5.9 can then be used to

compute the optimal ¢ corresponding to Yp© 1.2 and Y, ® Yg T 1.6; these are shown in the

final column of Table 5.3. The gravity load case 1s, thus,

U

1.2 D +1.61L (5.10a)
n n

U

1.2 D +1.658 (5.10b)

n n
An additional condition U > 1.4 Dn prevents U from becoming too small as Ln approaches
zero; this condition governs when Ln/Dn < 0.12.

Wind The next step was to derive optimal load factors for the D + L + W combination.
Using the load combination rule discussed in Section 2.5, Eq. 2.25 et. seq., this actually

requires two checking equations (see Eqs. 2.26). The maximum of the two governs design:

YDDn + v Ln + My (5.11a)
1
U = max
| YDDn + YLLn + lewn (5.11b)
in which YL Ln and Yu Wn are equal to the factored arbitrary point-in-time live and wind
1 1

loads, respectively, as discussed in Section 5.2.1.

Table 5.2a - Weights for D+ L

Ln/Dn v

Material 0.25 0.5 1.0 1.5 2.0 3.0 5.0
Steel 0 10 20 25 35 7 3

R/C 10 45 30 10 5 0 0

Light Gage 0 0 6 17 22 33 22

& Aluminum

Glulam 0 5 26 26 © 26 12 5

Masonry 36 36 20 6 2 0 0
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Table 5.2b - Weights for D + S
Sn/Dn

Material 0.25 0.50 1.0 1.5 2.0 3.0 5.0
Steel 0 10 20 25 35 7 3

R/C 30 40 20 5 5 0 0

Light Gage 0 0 6 17 22 33 22

& Aluminum

Glulam 0 2 16 32 32 18 0

Masonry 36 36 20 6 2 0 0

Table 5.3 - Optimal Load and Resistance Factors for Gravity Loads

Material Combination Optimum Values Optimum ¢ for
¢ Yo Yg Yp = 1.2, v, = 1.6
Steel Beam 0.96 2.10 0.78
(e, = 3)
1.05 2,32 0.79
R/C Beam, 0.87 1.83 0.81
Gr. 60 »
(Bo = 3) 0.93 1.93 0.84
R/C Beam, 0.82 1.61 0.81
Gr. 40
(Bo =3) 0.85 1.56 0.86
*
Glulam Beam 0.59 1.38 0.66
(8, = 2.5
0.59 1.08 0.77
Brick Masonry
*
Wall (B0 = 7.5) 0.38 4.10 0.22
Brick Masonry
*
Wall (Bo = 5.0) 0.52 2.45 0.41
Concrete Masonry
* .
Wall (Bo = 6.5) 0.41 3.28 0.27
Concrete Masonry
*
Wall (Bo = 5.0) 0.49 2.38 0.40
*

i/Rn assumed to equal to 1.0 for illustration.
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II .
Optimal load and resistance factors were determined by first calculating R n correspondi

to Bo = 2,5 for Eq. 5.11la and Bo = 3.0 for Eq. 5.11b and then minimizing Eq. 5.9; Yp =

1.2 as before.

A portion of the results for steel and concrete beams with Grade 60 reinforce

ment are shown in Table 5.4, in which AI = 1000 ft2 (93 mz) to determine the statistics

of Lapt'
Table 5.4 - Load and Resistance Factors for Gravity Plus Wind Loads
Optimum Values Optimum ¢ when Yy = 1.3

Material Eq. ¢ 1y, Yy yLl = 0.3 yLl = 0.4 YLl = 0.
Steel Beam 5.lla 1.11 0.61 1.71 0.85 0.87 0.89

5.11b 0.93 1.97 0.08 - 0.81 -
Concrete 5.11a 1.06 0.49 1.76 0.82 0.83 0.84
Beam

5.11b 0.86 1.63 0.14 - 0.81 -

Note that the ¢-factors tend to be too high in comparison with the D + L and D + S combinatio:

and some reduction in ¢, and Yy, appears necessary. Clearly, if the limit state is the

YL

same (e.g., flexure), the ¢-factor should not depend on the load combination. Moreover,

YL in Eq. 5.11b should be 1.6, since this equation should approach Eq. 5.10a as Wn becomes

small. It was found that by making vy, = 1.6, yv. ="0.4 or 0.5, v,. = 1.3, and v.. = 0.10, "
L L1 W : wl
the optimal ¢-factors were close to the desired range (0.8 - 0.85) and were within a few

percent of those for the D + L and D + S combinations. These are listed in the final

columns of Table 5.4. Considering other influence areas, it was found that Y = 0.5 was
1
more satisfactory, particularly at larger areas, and this value was adopted. Eqs, 5.11
become
1.2 Dn + 0.5 Ln + 1.3 Wn (5.12a)
U=max |1 2p +1.6L.+0.10W (5.12b)
n n n

In most practical cases, the term 0.10 Wn in Eq. 5.12b could be ignored, which would
reduce this criterion to Eq. 5.10a and make the Eq. 5.12a the relevant wind load safety
check.

Earthquake An optimal load factor for earthquake loads was determined similarly.
Values of REI corresponding to Bo = 1.75 were calculated for steel and reinforced concrete
beams loaded in the combinations D + L + E for Boston and Los Angeles. AI = 1000 ft2 (93
mz) for purposes of computing statistics of Laét' If the minimization 1is performed for
In order to compute one load factor, the

the two sites separately, is site-dependent.

Yg
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two sets of RIi were combined and the optimization was performed over both sets of data.
The optimal ¢, Yy and Yg for steel and concrete beams assuming Yp = 1.2 are shown in the
first three columns of Table 5.5.

Table 5.5

Load Factors for Earthquake Loads

Material Combinations ¢ YL Yg Optimal ¢ when Yg < 1.5
Yy, = 0.0 v, = 0.2 vy, = 0.5
L1 L1 Ll
Steel Beam D+ L+E 1.25 0.39 2.31 0.82 0.85 0.90
R/C Beam D+L+E 1.21 0.38 2.37 0.80 0.82 0.85

The Y factor then was adjusted so as to force the ¢ down to the same range as for the

other load combinations. It was found that by making YL1 = 0.2 and Yp = 1.5, the corresponding
optimal ¢ (listed in the last columns of Table 5.5) is about the same as for the other load
combinations. However the factored load 0.2 Ln would be less than the mean of Lapt in

many Instances, and it was decided to raise YL to 0.5. The alternative combination
1

in which Yg = 1.3 also was carefully considered because of the consistency with the treat-
ment of wind loads. With this alternative, the optimal ¢ factors were much less than
0.80; conversely, if the same ¢ used with the gravity and wind load combinations were to
be used in combinations with earthquake load the reliability indices would be less than B8
= 1,75, There is simply too great a difference in c.o.v. in wind load (0.30 - 0.40) and
earthquake load (greater than 1.00) to warrant the same load factor for each.

A similar analysis with the combination D + S + E showed that the necessary snow load
factor was close to zero, implying that snow and earthquake loads in combination could be
neglected. Nevertheless, it seems sensible to specify Yg = 0.2 for conservatism in areas

subject to heavy snow and to earthquake hazards.

?ounteractingﬁLoads Common instances in which loads counteract one another include
cases where load effects due to wind or earthquake act in a sense opposing gravity load
effects. This case is extremely difficult to handle using mean-value reliability analysis
me;hods but is relatively straightforward using the advanced procedure. The two cases U =
W-Dand U=E - D are considered.

Constraints placed on the minimization simplify the problem. First, since the probability
density function of dead load is symmetrical about 57Dn = 1.05 and since Yp = 1.2 when
loads are additive, it is reasonable that Yp = 0.9 when loads counteract. Second, the ¢~

factor for a particular material and limit state should be the same, regardless of the
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load combination.

Accordingly, (and YE) are selected by first computing REI for Bo = 2.0, fixing Yp

Yw
= 0.9 and ¢ = 0.85, and selecting the Yw(and YE) which minimizes Eq. 5.9, The same
characterizations of the wind and earthquake environments are used here as for the combination
where the load effects are additive. It was assumed that values of wn/Dn’ En/Dn between 2
and 5 were equally probable. The optimal value of Yy (and YE) depends on the choice of
d; for example, Yu varied from 1.22 to 1.26 for steel beams as ¢ was increased from 0.85
to 0.90. 1In the interest of consistency with the additive combinations involving these
loads, the load combinations are,
U=0.9D -1.3W (5.14)
n n
U=0.9D -1.5E (5.15)
n n
It is interesting to note that if Yy is selected to best achieve 60 = 2.5, the same
as for the additive combination D + W, then Yy = 1.5. This would result in additional
conservatism against counteracting forces over existing practice.
Other combinations may be treated similarly. For example, a combination of live plus
snow load may be Important in design of upper story columns. Similarly, a combination of

wind and snow load may be important for certain roof structures. These cases involve

considering the combinations

The load factors on Ln_and Wn that lead to values of ¢ in the desired range are Yy = 0.5
1
and y,, = 0.8 (cf Egs. 5.11).
¥y
In sum, the load combinations and load factors recommended for use by the individual

material specification writers in their design specifications are:
r 1.4 D
n

1.2Dp_+1.6 L
n n

: 1.2 D +1.6S_ + (0.5L_ or 0.8 W) (5.16)
U = maximum of - n n n n

1.2Dp_+1.3W_+0.5L
n n

1.2 D +1.5E + (0.51L or 0.2 S8))
n n n

- 0.9D - (1.3 W_or 1.5E)

n n n
It should be noted that the designer may have to consider other loading combinations in
certain unusual situations. While this could be done using the methodology described in

this report 1f data on the individual loads were available, appropriate factors also could
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be estimated by noting whether any similarities exist between the load in question and the
loads in Eqs. 5.16. For example, it might be appropriate to select a factor of 1.6 for
rain loads.

>

In Fig. 5.7, the resulting 8's for various combinations of the ratios Lo/Dn’ Sn/Dn

wn/Dn are given for an influence area AI 1000 ft2 (93 mz) and for the case of compact
steel beams for which i/Rn = 1.07 and VR = 0.13. This case represents a representative
structural type which is performing satisfactorily in current design. The ranges of &-

values inherent in current design practice (AISC Specification, Part 1) are given in

Tables C-7.2 and C-7.3. TFollowing is a representative set of values:

Loading Tributary Area LO/Dn Sn/Dn Wn/Dn R
D+ 1L 200 £t° 1.0 0 0 2.6
1000 ft? 1.0 -0 0 3.1
D+S - 0 2.0 0 2.8
D+ W - 0 0 C2.0 | 2.4
D+L+w 400 £t 1.0 o | 2.0 | 2.6

According to the new design procedure with the proposed load factors (Fig. 5.7), the
values of 8 are much more condensed. These values are, for ¢ of 0.85, equal to (for an

influence area of 1000 ftz)

Loading Lo/Dn Sn/Dn Wn/Dn B
D+ L 1.5 0 0 2.8
D+ S (¢] 2.0 0 2.9
D+L+W 1 0 1 3.0
1 0 2 2.8
1 0 5 2.5

Figs. 5.8 and 5.9 show the variation in 8 with L /D_, S8 /D_ and W_/D_ for concrete
. o''n® "m''n n'n
beams with Grade 60 reinforcement (¢ = 0.85) and for reinforced concrete columns (¢ =
0.65). In the most practical range of load ratios, B is close to 3 for beams and is about
3.25 for columns. The values of B are considerably more uniform for different design
situations than is the case with current criteria.

5.6 Recommendations to Material Specification Groups

It is anticipated that material specification groups will want to experiment in
selecting resistance factors to use along with the load criterion in the previous sectiom.
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Figure 5.7 - Reliability Index for Steel Beams Using Proposed
Load Criterion
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Figure 5.8 - Reliability Index for Reinforced Concrete Reams
Using Proposed Load Criterion
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Figure 5,9 - Reliability Index for Reinforced Concrete
Columns Using Proposed Load Criterion
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With the load factérs fixed, the reliability B can still be adjusted by varying the ¢-
factor and the specification of nominal resistance for different materials and limit
states. Chapter 4 and Appendices B - E on materials provide some indication as to where
current specifications stand in terms of comparative reliabilities; While these results
may be used as a guide, specification committees may very well feel that some relative
adjustments are warranted within their provisions. Additional material data can be used
to refine and to increase the confidence in the resistance factors selected. The choice
of B to be used in selecting resistancg criteria should consider, among other factors, the
ductility associated with each mode of resistance, the effect of loading rate in enhancing
the strength of certain materials, the relative frequency of occurrence of different
design situations, and the consequence of failure.

Some simple aids have been prepared to assist material specification writing groups
in making their selections. It has been assumed that the load combination of primary
interest to standard committees is the D + L combination. This combination governs design
in hany practical instances. Even when it does not, it is frequently used for preliminary
sizing of members, which are then checked against lateral load effects. Accordingly,
Figs. 5.10a through 5.10e present curves relating the reliability B,‘ifRn, VR’ and ¢ for
the design criterion,

¢ R.n > 1.2 Dn + 1.6 Ln
The curves are presented in terms of basic live load Lo (e.g., L, = 50 psf in offices)
becagse many designers find it more convenient to think in terms of L0 than Ln, which may
incorporate a reduction. The curves were computed for a basic influence area of AI =
1000 ft2 (93 mz) and therefore Ln = 0.724 L, from Eq. 3.10. 1In all cases, however iYLn =

1.0. Thus, the corresponding values of Lo for any other influénce area of interest can be
calculated by multiplying the L0 in Figs. 5.10 by the factor 0.724 [0.25 + 15//1;]_1.
Each of these figures describes the relation between B, ﬁ/Rn-and VR for a prescribed ¢,
values of which range from 0.6 - 0.9. For problems outside the range presented here, the
computer analysis in Appendix F must be used; however, Figs. 5.10a through 5.1Qe cover
most practical cases.

As an example of their use, suppose we are dealing with a material and limit state in
which the capacity is described by ﬁ/Rn = 1.10 and Vg = 0.15 (this case seems quite common).

The ranges in B corresponding to the range in LO/Dn and several candidate ¢ values are:
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[0 0.70 0.75 0.80 0.85

B 3.3-3.8 3.0-3.4 2.8-3.1 2.6-2.8

One would need either some idea of the prevalent LO/D for this situation or the relative
frequency of each Lo/Dn' The value of ¢ corresponding to the desired 8 could then be
found.

When the c.o.v. or ¢ values are between those which are presented in Figs. 5.10a
th¥ough 5.10e linear interpolation is perfectly acceptable. Further resolution in ¢ (e.g.
¢ = 0.83 rather than 0.80 or 0.85) may not be warranted.

A comprehensive example of the selection of ¢ is presented in the following section.

5.7 Resistance Factors Compatible with Selected Load Factors

The following discussion will focus on the methods by which ﬁaterial specification
writing bodies can arrive at resistance factors compatible with the load factors presented
in this report. The ¢-factors discussed below are presented for purposes of illustrating
concepts and should not be considered as being recommendations by American National Standard
Committee A58, The final choice of reliability indices and resistance factors rests with
the specification writing groups.

5.7.1 Metal Structures

The following data illustrate two kinds of information that may be developed by a
specification writing committee. The case considered is a steel beam: i/Rn = 1.07, VR =
0.13.

Resistance factors for a given E/Rn and VR can be obtained by interpolation from the

charts relating B, ¢, i/Rn’ VR and Lo/Dn (Figs. 5.10a - e). For illustration, values of B

for a given ¢, Lo/Dn’ i]Rn, VR are:

LO/Dn [ g
1 0.82 3.0 ¢ for given B
2 0.79 3.0
1 0.8 3.1
1 0.85 2.8
1 0.9 g for given ¢
2 0.8
2 0.85
2 0.9 2.5
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From such a tabulation, considering a desired level of B, the committee might choose ¢ =
0.80 or, perhaps ¢ = 0.85, as the basis for designing steel beams. Similar data are given
in Table 5,6 for other types of structural elements.

The committee might next want to comsider typical designs to compare current design
practice with the future design practice based on the new load factors. Parametric studies
of the type discussed below might be performed, where the ratio Rnf/Rnc (subscripts f and
c refer to "future" and "current," respectively) is determined from the relationships

R

(L.2D_ +1.61L)/¢

nf
R .= (1.2 D+ 1.6 sn)/¢
R =(l.2D +0.5L +1.3 wn)/¢

in which‘Ln is evaluated according to Eq. 3.10, and

Rnc = (FS) (Dn + Ln)
R .= (FS)(D +5)
R = (FS)(@ + 1 +W)(0.75)

in which Ln is evaluated according to Eq. 3.9.

Table 5.7 and Fig. 5.11 give the results for steel beams. If, for example, ¢ = 0.85
is selected, the required section modulus for the new design will be 1.04 times the value
for the current design for Sn/Dn = 2 (typical roof beam); it will bé 0.96 times the
current value for LO/Dn = 1.5 and AT = 1000 ft2 (93 m2) (typical floor beam). For D + L +
W the ratio will be somewhat larger than unity if AT = 1000 ft2 and the live load reduction
is permitted; in other instances, it may be less. Should the committee decide that ¢ =
0.9, with a corresponding B of approximately 2.5, is desirable for beams, then the ratios
of Rnf/Rnc woula reduce, as shown in Figure 5.lla.

5.7.2 Reinforced and Prestressed Concrete Structures

The first step in selecting ¢ factors for concrete members is to select a target B.
In the calibrations presented in Appendix B, current reliability levels calculated for D +
L were

Reinforced concrete beams in flexure, current B = 2,6 to 3.2.

Plant Produced Pretensioned Beams in Flexure, Current 8 = 3.2 to 4.0,

Tied Columns, compression failures, current 8 = 3.0 to 3,5.

Spiral Columns, compression failures, current B = 2.6 to 3,3.

Shear, beams with stirrups, current B = 1.9 to 2.4.
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Table 5.6

Resistance Factors for Metal Structures

Type Element LO/D Target B i/Rn VR )

Compact Steel beam 1 3 "1.07 0.13 0.82
Tension member, F 1 3 1.05 0.11 0.83
Tension member, Fu 1 4 1.10 0.11 0.71
Continuous beam 1 3 1.11 0.13 0.85
Elastic beam, LTB 1 3 1.03 0.12 0.80
Inelastic beam, LTB 1 3 1.11 0.14 0.83
Beam-Columns 1 3 1.07 0.15 0.79
Plate Girders, Flexure 1 3 1.08 0.12 0.84
Plate Girders, Shear 1 3 1.14 0.16 0.82
Composite Beams 1 3 1.04 0,14 0.78
Columns, X = 0.5 1 3 1.08 0.14 0.83
Columns, * = 0.5 1 3.5 1.08 0.14 0.75
Fillet Welds 1 4.5 1.47 0.18 0.71
HSS Bolts, A325, tension 1 4.5 1.20 0.09 0.73
HSS Bolts, A325, Shear 1 4,5 1.00 0.10 0.59
HSS Bolts, A325, shear 1 4,0 1.00 0.10 0.65
CF beams, stiffened flanges 5 3.0 1.17 0.17 0.77
Aluminum beams 5 3.0 1.10 0.08 0.82
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Comparison of Proposed and Current Designs

Table 5.7

Steel Beams FS = 5/3
AT ¢ Lo/Dn Sn/Dn wn/Dn Ln/Lo Rnf/Rnc
- 0.85 0 1 0 0 0.99
- 0.85 0 1.5 0 0 1.02
- 0.85 0 2 0 0 1.04
400 £t° 0.80 1 0 0 0.780 1.09
400 £t2 0.85 1 0 0 0.780 1.03
400 £t2 0.90 1 0 0 0.780 0.97
400 £t 0.85 1.5 0 0 0.780 1.07
1000 £t | 0.85 0.5 0 0 0.585 0.98
1000 ££2 | 0.85 i 0 0 0.585 0.98
1000 £t2 | 0.85 1.5 0 0 0.585 0.96
1000 f£t2 0.85 2 0 0 0.585 0.9
1000 £t2 | 0.85 2.5 0 0 0.585 0.93
1000 ft? 0.85 0.5 0 1 0.585 1.13
0.5 0 2 0.585 1.16
0.5 0 3 0.585 1.18
1 0 1 0.585 1.04
1 0 2 0.585 1.09
1 0 3 0.585 1.12

Note: 100 ft
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Figure 5.11 - Comparison of Designs Using Existing and Proposed
Criteria for Steel Beams (100 ftZ = 9.3 m?)
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A comparison of the current 8 values shows a wide range in the apparent reliabilities
of various types of concrete members. Two significant areas are the higher reliabilities
for pretensioned beams than for reinforced concrete beams and the very low reliability
indices obtained for shear.

Using the charts presented in Fig. 5.10, ¢ values have been computed for a wide range
~of reinforced and prestressed members. These are summarized in Table 5.8, and are based
on B = 3 for ductile failures such as would occur in under-reinforced beams and in spiral
columns, and 8 = 3.5 for brittle failures expected in shear and tied columns. A higher
reliability may be desirable for brittle failures in which failure occurs with little
previous warning and in which load redistribution may not occur.

Finally, a comparison of existing designs (Rnc) and designs using the new load criterion
(Rnf) is present in Fig. 5.12. It may be observed that it is possiﬁle to achieve essential
conformity between them with an appropriate selection of ¢ factors, if in fact such conformity
is desirable.

5.7.3 Glulam and Other Heavy Timber Structures

Additional research may be desirable before ¢-factors for glulam members and other
heavy timber construction can be specified. Following are some general observations for
consideratioﬂ by timber specification groups.

The ¢ factor will depend on the way the nominal design resistance is specified. This
is clear from Eq. 2.23; it is the product ¢Rn rather than the two terms separately that
determines reliability, If Rn is computed on ‘the current basis of a l0-year total load
duration, and if it is assumed that similar levels of reliability are desirable In the probabilit
based limit states criterion, the ¢-~factor will exceed unity. From an practical viewpoint,
it would be desirable to have ¢ in the range 0.75 - 0.85 for glulam beams in flexure, and
corresponding values for tension, compression and shear. Experience has shown that ¢
values in this range allow room for future adjustments on the part of the specification
comnittee for changes in reliability and improvements in manufacturing and quality control.
Values of ¢ in excess of 0.90 leave very little room for such adjustments.

Second, Rn should reflect the effects of cumulative load duration in some way. Since
the purpose of ¢ is to account for uncontrollable deviations from the predicted strength,
it would be highly inappropriate to lump the load duration effect in with ¢; the variability

in load duration effect, however, should be included in ¢. Knowledge regarding the effect
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Table 5.8

Values of Resistance Factors for Reinforced Concrete Members

Action Type of Member i/Rn VR Range of ¢ for

L /D = 0.25 - 2.0
o' ™m

Flexure, Reinforced Concrete, § = 3.0

.14 0.14 0.82 - 0.84

Beam, Grade 40, p = 0.350b 1

Beam, Grade 60, p = 0.57p, 1.05 0.11 0.80 - 0.85
Beam, Grade 60, p = 0.73pb 1.01 0.12 0.76 - 0.80
Two way slabs, Grade 60 1.16 0.15 0.83 - 0.86
Continuous, one-way slabs 1.22 0.16 0.85 - 0,88

Flexure, Plant Produced Pretensioned Concrete, B = 3.0

Double T w, = 0.054 ' 1.06 0.057 0.86 - 0.95
Beam mp = 0,228 1.06 0.083 0.83 - 0.90
Beam w_ = 0.295 1.04 0.10 0.80 - 0.86

P

Flexure, Cast-in-Situ Post-Tensioned Concrete B = 3.0

0.228 1.03 0.11 0.78 - 0.83
0.295 1.05 0.14 0.76 - 0.79

w
P

w
p

Tied Columns, Compression Failures, 8 = 3.5

3000 psi Concrete, short 1.05 0.16 0.65 - 0.69 .
5000 psi Concrete, short 0.95 0.14 0.61 - 0.66
5000 psi Concrete, &/h = 20 1.10 0.17 0.66 - 0.70

Spiral Columns, Compression Failures, B = 3.0

3000 psi Concrete, short 1.05 | 0.16 0.74 - 0.76

5000 psi Concrete, short 0.95 0.14 0.69 - 0.72
Shear, 8 = 3.5

Beams without stirrups 0.93 0.21 0.50 - 0.52

Beams with minimum stirrups 1.00 0.19 0.60 -~ 0.64

Beams with pvfy = 150 1.09 0.17 0.66 - 0.70

Note: 1 psi = 6895 N/m2
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of duration of load on strength is in a state of flux (see Appendix E). Regardless of how
sophisticated theoretical models become, however, the results will have to be reduced to

the LRFD format for design office use, since structural designers in the United States appear to
unwilling to work with anything more complicated than this.

Third, the data presented in Appendix E is insufficlent to determine whether any
statistically significant differences in i]Rn and VR (upon which ¢ depends) exist among
species. 1If possible, it would appear desirable to allow any differences to be ironed out
in the determination of Rn so that different ¢ values would not be needed for, e.g.,
Douglas Fir and Southern Pine beams in flexure.

Fourth, it should be decided whether ¢ should depend on whether the timber members or
laminating stock is visually or machine graded.

5.7.4 Masonry Structures

Current design of engineered brick and concrete masonry structures uses working
stress principles. Masonry specification writing groups moving toward limit states design
have almost complete flexibility in choosing their strength criteria. The following
points should be considered.

First, the specification of the ¢ factor and nominal resistance Rn for different
members and limit states are interrelated, as discussed in connection with wood structures
in Section 5.7.3.

Second, the substantial reduction in B which occurs in unreinforced masonry walls as
the load eccentricity increases, discussed in Chapter 4 and Appendix D, is of concern.
Such a large variation does not appear to be desirable. If the mode (ductile or brittle)
and the consequences of failure of such a wall are relatively uniform for all eccentricities,
then 8 should also be relatively uniform and some relative adjustments should be made in
methods of computing Rn' It seems that some reduction in conservatism would be possible
at small eccentricities, and that perhaps an increase in conservatism could be desirable
at large eccentricities. Such adjustments could be made either by modifying the manner in
which Rn depends on load eccentricity or by allowing ¢ to depend on eccentricity. If the
failure mode and consequences are relatively uniform, the adjustments should probably be
made to R _.

n
Third, the standard governing engineered brick masonry distinguishes between inspected

and uninspected workmanship. When the workmanship is inspected, wall alignment, thickness
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of joints, effects of partially filled joints and other factors which would reduce the
probable strength and increase its variability are more carefully controlled. It appears
desirable that this distinction be made in a limit states criterion. Data on the effect

of inspection on Rn and VR and on the variability in construction practice across the
United States would be useful. The upsurge in the use of engineered masonry and in masonry
research may well provide additional data on this aspect. The specification writing group

has a choice as to whether workmanship should be reflected in ¢ or in Rn'
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6. SUMMARY AND CONCLUSIONS

This report has described the development of a set of recommended load factors and
load combinations for use with loads in the proposed 1980 version of American National
Standard A58, Building Code Requirements for Minimum Design Loads in Buildings and Other
Structures., The scope of the resulting recommended load criterion 1s the same as that of
the A58 Standard, which covers dead, live, wind, snow and earthquake loads. The criterion
does not apply to vehicle loads on bridges, transients in reactor containments, and other
loads which are considered outside the scope of the A58 Standard. A series of aids to
material specification writing groups to assist them in their selection of resistance
factors is also presented.

The method of arriving at the resulting load factors is an advanced reliability
analysis procedure. Earlier versions of this method have been uséd in the development of
the Canadian Limit States Design specifications for steel structures for buildings, the
Ontario Bridge Code, and the proposed Load and Resistance Factor Design criteria for
structural steel in the United States. The method used in this work employs information
on the probability, distributions of the random variables, while the earlier methods only
considered mean values and standard deviations. It was reassuring to find that the less
sophisticated process gave results which are similar to those from the more advanced
method.

The procedure by which the load factors were developed consisted of:

1) Collecting and evaluating statistical and probabilistic information on various
types of structural loads (dead, live, snow, wind, earthquake) and structural capacities
(resistances). Much of this material was already available in the literature, but additional
data evaluation and probabilistic analysis was necessary for the environmental loads
(wind, snow, earthquake), for glulam members, and for masonry walls. The input from the
load subcommittees of American National Standard Committee A58 was especially helpful, as
was the previous research of the authors. The details of the data evaluation are presented
in the Appendices.

2) Evaluating the relative reliability implied in current design. The measure of
reliability was the reliability index B. This is consistent with previous work in this
field. Values of B were determined using a computer program. The basis of the method is
described in Chapter 2 and the description of the program is presented in Appendix F.
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3) Selecting target reliabilities and developing load factors consistent with these
target reliabilities.
It was not surprising that values of the reliability index B varied a great deal,
" depending on the type of structural load (e.g., gravity versus wind), the type of structural
material, the limit state and the kind of element within a structure. In selecting the
target reliability it was decided, after carefully examining the resulting reliability
indices for the many design situations, that 80 = 3 is a representative average value for
many frequently used structural elements when they are subjected to gravity loading, while
80 = 2.5 and Bo = 1.75 are representative values for loads which include wind and earthquake,
respectively.
The recommended load combinations and load factors are as follows:
1.4 D
n
1.2 D + 1.6 L
n n
1.2 D +1.6S_ + (0.5L_ or 0.8 W)
n n n n
1.2 D +1.3W_+0.5L
n n n
1.2 D +1.5E + (0.5L_ or 0.2 8)
n n n n
0.9 Dn-(l.3 Wn or 1.5 En)
The load combinations assume that the simultaneous occurrence of maximum values of snow,
wind, earthquake and live loads is not likely. The smaller load factors in these combinations
are a reflection of the fact that the factored arbitrary-point-in-time load is less than
the nominal load.
It was felt that while the determination of the resistance factor ¢ in the design
criterion
R
SR 2L v,Q
was not vwithin the purview of the A58 Standard, it would be helpful to specification
writing groups if a method was given that they would find relatively easy to apply.
Accordingly, charts are presented which permit the determination of values of ¢, given a
desired B-level and material statistics, which are consistent with the load factors recommended
in this report. Material specification writing groups can thus select their own target B
values reflecting the particular situation of interest. to them, and can determine a ¢
consistent with the selected B; conversely, they can choose ¢ and determine the resulting

B. The computer program given in Appendix F may, of course, also be used for this operation.
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No attempt is made to enforce common levels of 8 for all materials and member types,
and enough information is given to the specification writers to accommodate their needs.
This freedom is especially helpful if, say, B = 3 is used for member design while it is
required that 8 = 4.5 for connectors. Sufficient data on resistance variables is presented
in Appendices B through E that material specification groups can make such decisions
intelligently.

The load factors and load combinations recommended herein apply to the loads explicitly
covered in the proposed 1980 version of the A58 Standard. There are other types of loads,
of course, such as ponding loads, temperature loads, construction loads, ete. The methodology
presented here may be employed to develop load factors for them if the statistical information

is first determined.
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9. GLOSSARY

Allowable Stress Design or Working Stress Design: A method of proportioning structures

such that the computed elastic stress does not exceed a specified limiting stress.

Arbitrary-Point-in-Time Load: loading which is on the structure at any instant in time.

Building Standard: a document defining minimum standards for design.

Calibration: a process of adjusting the parameters in a new standard to achieve approximatelj

the same reliability as exists in a current standard or specification.

Coefficient of Variation: the ratio of the standard deviation to the mean of a random
variable.
Dead load: load due to structural self weight and the permanent features on the building.

Environmental Loads: loads on a structure due to wind, snow, earthquake or temperature.

Factor of Safety: a factor by which a designated limit state force or stress is divided

to obtain a specified allowable value.

Format of design checking procedure: an ordered sequence of products of load factors and

load effects which must be checked in the design process.

First-Order Second-Moment (FOSM) Reliability Methods: Methods which involve (1) linearizing

the limit state function through a Taylor serles expansion at some point (first-order),
and (2) computing a notional reliability measure which is a function only of the means and
variances (firs; and second moments) of the random variables rather than their probability
distributions.

Failure: a condition where a limit state is reached. This may or may not invol&e collapse
or other catastrophic occurrences.

Influence Area: That area over which the influence function for load effect (beam shear,
column thrust, etc.) is sigqificancly different from zero. For columns, this is four
times the traditional tributary area; for beams, twice; and for a slab, they are equal.
Limit States: criteria beyond which a structure or structural element is judged to be no
longer useful for its intended function (serviceability limit state) or beyond which it is
judged to be unsafe (ultimate limit state).

Limit States Design: a design method which aims at providing safety against a structure

or structural element being rendered unfit for use.

Load Combinations: loads which are likely to act simultaneously.

Load Effect: the force in a member or an element (axial force, shear force, bending

moment, torque) due to the loading.
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Load Factors: a factor by which a nominal load effect is multiplied to account for the
uncertainties inherent in the determination of the load effect.

Load and Resistance Factor Design: a design method which uses load factors and resistance

factors in the design format.
Maximum Load: the maximum load that acts on a structure during some reference period,
herein taken as 50 years.

Mean Recurrence Interval (MRI): The average time between occurrences of a random variable

which exceed its MRI value. The probability that the MRI value will be exceeded in any
occurrence is 1/(MRI),

Nominal Load Effect: calculated using a nominal load; the nominal load frequently is

defined with reference to a probability level; e.g. 50 year mean recurrence interval wind
speed used in calculating the wind load.

Nominal Resistance: Calculated using nominal material and cross- sectional properties and

a rationally developed formula based on an analytical and/or experimental model of limit
state behavior.

Probability Distribution: a mathematical law which describes the probability that a

random variable will assume certain values; either a cumulative distribution function
(cdf) or a probability density function is used.

Probabilistic Design: a design method which explicitly utilizes probability theory in the

safety checking process.

Probability of Failure: the probability that the limit state is exceeded or violated.

Probability of Survival (Reliability): the probability that the limit state is not attained.

Reliability Index: a computed quantity defining the relative reliability of a structure

or structural element.
Resistance: the maximum load carrying capacity as defined by a limit state.

Resistance Factor: a factor by which the nominal resistance is multiplied to account for

the uncertainties inherent in its determination.

Target Reliability: a desired level of reliability in a proposed design method.
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10. NOMENCLATURE

The following nomenclature defines tﬁe major symbols used in this report. The symbols
used are those generally used in the literature. Special care was taken to retain the
familiar symbols particular to each branch of technology which was encountered, and no
attempt was made to unify symbols from the various material technologies. Thus, it occasionall
happens that several' symbols are used for the same quantity, or, that several quantities
are defined by the same symbol. The notation is also defined where it occurs, so the
context will aid in defining the particular quantity.

A: peak ground acceleration
A: cross-sectional area
A: generalized structural load
Ag: gross cross-sectional area
AI: influence area
An: net cross-sectional area
: tributary area
B: generalized modeling parameter
C: base shear coefficient
C_: pressure coefficient
c: generalized influence coefficient
d: cross-sectional dimension
D: dead load intensity or load effect; D and Dn are mean and nominal values respectively
E: earthquake load effect; E and En are mean and nominal values, respectively
E: tensile modulus of elasticity
e: load eccentricity
E,: exposure factor
F: -generalized variable denoting cross~sectional parameters; F ic mean value
FS: factor of safety

F,,f : cumulative distribution function (cdf) and probability density function for random
variable X, respectively

F ,f : allowable and computed axial stress
allowable and computed axial stress
fé: 28-day concrete strength

f 3 compressive stress
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Fcr; critical st?ess

FExx; tensile strength of weld metal

fm: compressive strength of prism tests

F ; 10 yr nominal design stress for wood

f_: bending stress

F_: modulus of rupture

f : tensile stress

F : yield stress

Fys: static yield stress

fy: yield stress

G: gust factor

G: elastic modulus in shear

g: generalized design function

h: cross-sectional dimension

I: moment of inertia

I: importance factor

K: building factor

k: effective length factor

L: length

" L: 1live load intensity or load‘effect; T and ’Ln are mean and nominal values, respectively;
Lapt is arbitrary-point-in-time value

L : basic code-specified live load

M: bending moment

M : ultimate bending moment

M: generalized material factor; M is mean value

ﬁ : plastic moment

P: pgeneralized professional factor; P is mean value

P: axial force

P_: probability of failure

Q: genéralized load effect; 6 is mean value

Q: form factor

R

: generalized resistance; R and Rn are mean and nominal values, respectively
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R: system factor

r: radius of gyration

S: soil factor

S: snow load effect; S and Sn are mean and nominal values, respectively
S: elastic section modulus

Sy ¢ spectral amplification factor
o

t: cross~sectional dimension

T,t: time

V: coefficient of variation

V: wind velocity

Vu: ultimate shear capacity

W: weight of structure

X: generalized parameter

Z: zone factor

Z: plastic section modulus

a: direction cosine

B: reliability index

v: load factor

A: slenderness parameter

$: resistance factor

o: standard deviation

6 _: critical stress

cr

Gu: tensile stress
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APPENDIX A ANALYSIS OF STRUCTURAL LOADS

General Remarks

The load effect Qi is related to the structural load through the relation

Qi = ciBiAi (A.1)
in which ¢y = influence coefficient, Bi = modeling parameter, and Ai = structural load.
It is assumed that the transformation from load to load efféct is linear, and that o Bi
and Ai are statistically independent.

It is convenient from a conceptual point of view to delineate the various factors
which contribute to the overall uncertainty in the load effect on a member. In addition
to the basic variability in the load, uncertainty arises from the load model which trans-
forms the actual spatially and témporally varying load into a statically equivalent
uniformly distributed load (EUDL) which can be used for design purposes.i The effects of
this load modeling are reflected in the parameter Bi in Eq. A.l, which may be assumed to

have mean of unity and a c.o.v. VB which reflects the uncertainty in the load modeling.

Finally, uncertainties arise from zhe analysis which transforms the EUDL to a load effect,
reflected in parameter c;- These would include two-dimensional idealizations of three
dimensional structures, fixity of supports, rigidity of connections, continuity and so
forth. Thus, Vc, would, in general, depend on the load as well as the structure.

The mean anz c.0.v. of the load effect are then,

Qi =cy Bi Ai (A.2)
_ 2 2 2 .1/2
vQ' = [vc' +Vp o+ vA'] (A.3)
i i i _
In the absence of information to the contrary, Bi = 1.0; Vc and VB represent best profes-
i i

sional estimates of the uncertainty due to load modeling and analysis.

When several loads act, the load effect on a member would be,

qQ = c[cl Bl Al + <, B2 A2 + ...] (A.4a)
in which all variables are assumed to be statistically independent. In this model, ¢ €y
... reflect structural analysis effects which are unique to a particular load (effect)
while the factor c reflects those features of the structural analysis which are common to
all loads (effects). One would obtain the same representation through the model,

Q= ey Bl Al + c, B2 A2 + ... (A.4b)
if it were assumed that Cys Cps .. are correlated. In the load analysis used in this

study, it was found that because of the magnitudes of the c.o.v., this correlation could

be ignored. This simplifies the analysis of uncertainties in Q.
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In the remaining sections of Appendix A, the statistical descriptions of the dead,
live,vwind, snow and earthquake loads used in developing the load criterion are presented.
The first and second order statistics for each of the loads are analyzed in accordance
with Eqs. A.2 and A.3. It should be noted that the reliability analysis uses the load
effects Qi as the basic variable in the limit state equation.

In evaluating the load statistics, the basic sources of information were the load
subcommittees within American National Standard Committee A58. This information was
supplemented by additional published data, where appropriate.

Dead Load

The dead load is assumed to remain constant throughout the life of the structure.
The dead load results from the weight of elements comprising the structure and includes
permanent equipment, partitions and installations, roofing, floor coverings, etc. Most
investigators feel that the probability distribution is normal or close to it. Many have
assumed that the ratio of mean load to nominal load is unity and that the coefficient of
variation V_ = 0.06 - 0.15, with a typical value of 0.10. Some of the values used.iﬁ

D
recently published reliability based design work are listed in Table A.1l.

Table A.l
Statistics of Dead Load (D= C « B - AL

Reference BYDn [V; + V2 ]1/2 VD
A.9 1.00 0.06 0.08
A2 1.0 0.07 0.10
A7 1.0 0.09 0.10
A58 Live Load Subcommittee 1.05 - 0.07
A1l 1.05 .- 0.09
A.13 1.0 - 0.05
Appendix B of this report 1.03 0.09 0.10

It may be argued that the variability in dead load should depend on the construction
material. Strictly speaking, this is true; however, the dependence of VD on material is
very weak because much of the variability in permanent loads is caused by the weights of
non-structural items such as roofing, partitions, etc. There is a feeling on the part of
many design professionals that there is a tendency on the part of desighers to under-
éstimate the total dead load. Accordingly it is assumed that 57Dn = 1.05 and VD = 0.10
for all construction materials considered in this study.
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Live Load

Live loads include the weight of people and their possessions, furniture,
moveable partitions and other portable fixtures and equipment. The total live load on av
floor area may be thought of conveniently as consisting of a sustained compodnent which
remains relatively constant within a particular occupancy, referred to as the "arbitrary
point-in-time live load," and an extraordinary component which arises from infrequent
clustering of people above and beyond normal personnel load, or from activities such as
remodeling. The load combination analysis procedure described in Chapter 2 requires
knowledge of statistical characteristics of both the maximum live load L during a 50 year
reference period and the arbitrary point-in-time live load, Lapt'

(a) Arbitrary Point-in-Time Live Load - Lapt

Characteristics of Lapt may be obtained directly from the results of load surveys

which are analyzed using probabilistic load models [A.12, A.l4, A.8]. Numerous load
surveys have been conducted in recent years in the U.S. and Europe. Although most of

these have focussed on offiée buildings, some data on residence, retail establishments and
other occupancies are also available. Avsummary of results from analyses of load survey

data is presented in Table A.2.

Table A.2

Arbitrary-Point-in-Time Live Loads in Offices (L =c¢ » B « A)

Reference 200 000 I 5000 10000
i;pt/Ln VA f'.apt:/l"n VA E.apth VA i.apt/Ln vA
A.12 0.24 0.89 Varies 0.52 Varies (.41 Varies 0.40
A.8 0.23 0.85| Varies 0.55 | Varies 0.46 Varies 0.45
A.4 0.22 0.70| varies 0.40 | Varies 0.26 Varies 0.20
A2 0.16 0.70 | Varies 0.48 | Vvaries 0.38 Varies 0.36
A.16 0.15 0.59 | Varies 0.26 | Varies 0.20 Varies 0.18

VL 0.8 0.5 0.45 0.4

The presentation in terms of influence area A_. rather than tributary area AT (AI =

Z Ap

for a beam, 4 AT for columns, and panel area for two-way slabs) has been found to give

I

more consistent reliability for the various load effects. The statistical estimates in

Table A.2 include the effects of furnishings and normal personnel loads. Lapt appears to

be fitted best byva Gamma probability distribution [A.6].
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The mean E;pt is about 12 psf (575N/m2) for office occupancies and appears to be
independent of influence area. On the other hand, the nominal live load Ln in Table A.2
is the value specified in ANSI Standard A58.1-1972 [A.3];

Ln = Lo {1- min [ 0.0008 AT’ 0.6, 0.23 (1 + Dn/Lo)]} (A.5)
in which Lo = the basic unreduced live load (Table 1 of A58.1-1972). Thus, the ratio
z;pt/Ln in Table A.2 varies in those cases where the current A58 standard allows a reduction
to be applied. The draft A58 load standard for 1980 currently under review uses a different
live load reduction procedure, namely

L =L [0.25+ 32 ] (A.6)

n o {7X; )
which will affect E;pt/Ln' In calibrating to existing practice, the current nominal live
load, Eq. A.5, is used; however, when computing reliabilities for the proposed load criterionm,

the new nominal live load, Eq. A.6, is used.

clearly decreases as the

While i;pt appears constant for all influence areas, VA

influence area increases. This is a consequence of the load averaging which occurs over
large areas.

The c.0.v. in live load effect must incorporate uncertainties in the load modeling
and in the analysis which transforms the EUDL to a load effect; V_ in this case is assumed

B

to be 0.10 and VC = 0.05. Considering these variabilities along with those in the load in

Table A.2, V. was described by a curve passing through the points given in the last line

L

of Table A.2. The ratio L___/L 1is taken as = 12/50 = 0.24; L___/L_may then be computed
apt’' o apt’ n

using Eq. A.5 or A.6, as appropriate. While the above analysis was performed using data

derived from surveys of offices, results for several other occupancies (e.g., residences,

retail establishments) are similar enough that these statistics may be applied to them

also.

(b) Maximum Live Load = L

While load surveys describe the loads acting on a structure at any point in time,
they are insufficient to determine the maximum load which may be expected to act on the
structure during a 50-year reference period. Changes in occupancy may cause increases (or
decreases) in the load supported by a structural member. In addition, extraordinary load
events usually are not reflected in load survey data.

Probability models are available [A.4, A.12, A.14], which can be used to estimate the
statistical characteristics of the maximum live load L. 1In addition to the survey data

and distribution of Lapt described above, one needs to know (or estimate) the frequency of
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occupant changes and of extraordinary load events and the loads induced by extraordinary
events. Once the upper fractiles of FL are computed (numerically), a Type I extreme value
distribution of largest values is fitted to them and the mean and c.o.v. are back-calculated.

Some results of recent studies are presented in Table A.3 for office occupancies, in which

Ln is determined according to Eq. A.S5.

Table A.3
Statistics of Maximum Live Load (L = c « B « A)
Reference 200 000 fT 5000 10000
LV, T/L, v, /L. v, 1/, v,
A.12 1.38 0.14 | Varies 0.13 | Varies 0.15| Varies 0.15
A.8 1.11 0.19 | Varies 0,16 | Varies 0.16 | Varies 0.16
A4 1.18 0.18 | Varies 0.13 | Varies 0.10| Varies 0.09
A.16 - 0.23 | Varies 0.18 | Varies 0.14 | Varies 0.12

A comparison of L to Ln is also shown in Fig. A.l1 as a function of area. Note that the Ln
proposed for the 1980 version of the A58 Standard is equivalent to the 50-year mean value,
and that the values of Ln given in ANSI A58.1-1972 underestimate the 50-year mean live
load for areas in the range of 500 - 2000 ft:2 (46 - 186 m2).

The total variability VL in maximum live load effect is obtained by augmenting the
data-based variability in Table A.3 with modeling and analysis uncertainties, as discussed
previously. VB should reflect uncertainty in the modeling of the 50-yr maximum load.
This would include uncertainties in the description of the arbitrary point-in-time live
load process with time and in‘the modeling of the extraordinary load events. Since these

considerations are not at issue in the analysis of wariability in L it is logical that

apt’

VB should be greater for the maximum live load, and VB

this study and others [A,7,A.9]. Vcis taken as 0.05. Considering the basic variabilities

has been taken equal to 0.20 in

in Table A.3, Eq. A.3 yields V. = 0.25.

L Although there is a very slight tendency for V

L

to vary with A_, the variation is insignificant and will be ignored.

1

'By way of comparison, several Canadian studies have used Z/Ln = 0,70 and VL = 0.30.
These statistics are based on a 30-year reference period. Since the Canadian live load
reduction procedure is quite different from Eq. A.5, one would not expect the _L_/Ln values
to be comparable. It should be noted, however, that if L has a Type I distribution of

largest values, it may be shown that the c.o.v. for a 50-year reference period would be
111~



LIVE LOAD

50

40

30

20

10

'\‘/14.9 + 763/ VA - Ref. A.12
)

18.7 + 520/ /K - Ref. A.8

50(0.25 + 15/~/A ) - A58.1 - 1980 Recommendation

it
pe Ve e o wne us e e = =
A58.1 - 1972 Live load - Ref A.3
A = Influence area -
] | | ] 1
0 1000 2000 - 3000 4000 5000
A

Figure A.l - Reduction in Live Load with Area

112



approximately 85-90% of that for a 30~yr reference period, assuming a constant rate of
occupancy changes, oé VL = 0.30 x 0.85 = 0.26. Thus, at least in terms of overall variability,
the results are comparable.

While the results in Table A.2 and Fig. A.l were derived for offices, examination of
data for several other occupancies including multistory residences and retail establishments
shows similar variabilities and reduction in load with area. It appears reasonable to
assume that the ratio fVLn and V.

L

occupancies. Naturally, the values of L or of Ln would depend on occupancy through the

are essentially independent of occupancy type for many

value of Lo which enters into the calculation of both and which is specified for different
occupancy types in Table 1 of the A58 Standard. One known exception to this rule is the
warehouse occupancy, where the reduction in load with increasing area appears much less
pronounced than would be indicated by Eq. A.6. There may be other similar occupancies
where the reduction is different that will be identified by additional load surveys.
Meanwhile, the reduction factor in Eq. A.6 may be assumed to be general enough to be
applied to numerous occupancies in which the basic live load L° is less than 100 psf (4.8
kN/mz)-
Wind Load

Wind loads are derived using statistical data on wind speeds, pressure coefficients,
parameters related to exposure and wind speed profile, and a gust factor which incorporates
the effects of short gusts and the dynamic response of the structure. For the load combination
studies contemplated, the important random variables characterizing the wind load include the
daily maximum, annual maximum, and the 50-year maximum wind speed; the latter can be derived
from the annual maximum using the relation

R, () = [F,()1%° 4.7)

Vso

in which V and V50 = annual extreme and 50-year maximum wind speeds, and Fv denotes the

cumulative distribution function (c.d.f.) of random variable V.

The wind load acting on a structure or component may be written as,

2
W=c Cp EZ GV (A.8)

g = exposure coefficient, G = gust

factor and V = wind speed referenced to a height of 10 m. Cp depends on the geometry of

in which ¢ = constant, Cp = pressure coefficient, E

the structure, EZ depends on 1its location (e.g., urban area, open country), and G depends
on the turbulence of the wind and the dynamic interaction between the structure and wind.

Because velocity enters the equation in terms of its squared value, its statistics are
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especially important. However, uncertainties in the estimation of the pressure coefficients,
the exposure factor, and the gust factor (which includes turbulence, damping and natural
frequency) also contribute to the overall variability in wind load. It shouid be noted

that the uncertainty in modeling the effect of wind on the structure is reflected by
uncertainties in Cé and G; thus these serve essentially the same purpose as VB in the

previous sections.

(a) Maximum Wind Load - W

Most of the statistical data avallable are for the annual extreme fastest mile wind
speed; the pressure coefficients and gust factor in Eq. A.8 are consistent with the fastest
mile specification. Recent analysis [A.17] of this data has shown that the appropriate
probability distribution of the annual extreme for extratropical winds is Extreme Value
Type I. The same analyses show that the mean and c.o.v. are dependent on geographical
locations. These estimates are based on typically 30-40 years pf record.

Since 1t obviously is impractical to perform reliability analyses separately for the
more than one hundred sites for which wind speed data are available, seven sites were
selected from Ref. A.17 which span the range of data reported and which provide broad
geographical representaﬁion. These sites and the annual and 50-yr wind speed data are

presented in Table A.4.

Table A.4

Wind Load Data

Annual 50-yr Max. v W/wW
n n
Site m v Vv Vgo v c.o.v | A58.1- u o
V50 1972

Baltimore, MD 29 55.9 0.12 76.9 0.09 0.11 75 0.96 5.48
Detroit, MI 44 48.9 0.14 69.8 0.10 0.12 80 0.51 5.31
St. Louis, MO 19 47.4 0.16 70.0 0.11 0.14 70 0.62 3.18
Austin, TX 35 45,1  0.12 61.9 0.09 0.11 80 0.43 8.03
Tucson, AZ 30 51.4 0.17 77.6 0.11 0.14 70 0.69 2.52
Rochester, NY 37 53.5 0.10 69.3 0.08 0.09 70 0.71 4.83
Sacramento, CA | 29 46.0 0.22 77.3 0.13 0.16 65 0.65 1.77

Data on the annual extremes is taken directly from Ref. A.17. Since V is Type I, VSO is

also Type I, with mean and c.o.v. obtained from
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V..=v Q +—“‘/—_ V.. £n50) : (A.9)
v V. =V "V (A.10)

The total c.o.v. in 50-year wind speed, given in column 6, includes uncertainties due to
sampling and observation, defined as 3.8 v VV/( vYm . Vso) [A.;S] and 0.02, respectively.
While the probability distributions for the wind speed are assumed to be Extreme
Value Type I, it is not immediately clear what the probability distribution for the wind
load should be. The square of a Type I variable does not have a Type I distribution. The

and G are also random makes it difficult to determine the distribution of

fact that Cp, EZ

W in closed form.

The approach taken in this study was to compute the c.d.f. of wind load,Fw’numerically.

This requires knowledge of the c.d.f. and statistics of Cp’ G and EZ in addition to those

7 each may be described by 'a normal diétribu:ion;

are defined by the values in ANSI Standard A58.1-1972 [A.3]. VC ,

VG and VE were obtained to be representative of values used in recent studies [A.7, A.15,

Z
A.18]; Vc = 0.12, VG = 0.11 and VE = 0.16. VE is largest due to the relative uncertainty
2 Z

regarding building exposure, which includes effects of surface roughness, nearby obstructions

for V. It was assumed that Cp, G and E

the means C , G and E
hod Z

in the wind stream and other factors. In comparison with these effects, V., = 0.05 is very

C
small and can be ignored. The distribution Fw then was determined by Monte Carlo simulation
and, as an independent check, by numerical integration. A portion of these results is
shown in Fig. A.2. These c.d.f. also incorporate a reduction factor of 0.85 to account
for the reduced probability that the maximum wind speed will occur in a direction moét
unfavorable to the response of building. Inspection of these and similar distribution
functions for other sites revealed that Fw could be fitted very well by a Type I distribution
over the range of the distribution above its 90th percentile. This is thg regioh of
particular interest in structural reliability work. This procedure is illustrated in Fig.
A.2., The characteristic extreme u and shape a of the fitted Type I distribuﬁion for W/Wn
at each of the sites are listed in the last two columns of Tablé A.4. The nominal wind
load wn is defined as that corresponding to the 50-year mean recurrence interval (MRI)
load according to ANSI Standard A58.1-1972.

Having performed this analysis'for the seven sites, a composite set of statistical
estimates was drawn in order to keep the calibration and design work at a manageable

level. W/Wn has a Type I distribution, with u = 0.65 and o = 4.45; the implied mean and
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c.o,v, are ﬁ/wn = 0.78 and VWw = 0,37. These correspond to a c.d.f. which has been

n
fitted to the true Fw ( ) in the 90th percentile and above. The composite w/wn using the
wind loads in the proposed 1980 edition of the A58 Standard is nearly identical. It should

be noted that these statistical estimates may be quite different than those obtained

through a classical mean value FOSM analysis of Eq. A.8, viz. W=2cC E% E'EZ VZ and
V. = [V2 + V2 + V2 + V2]1/2, using the same basic information.
W Cp G EZ \Y

(b) Yearly Maximum Wind Load - W
ann

Parameters for the c.d.f. for annual maximum wind load may be determined similarly,
utilizing the site-dependent data in Table A.4. The shape and characteristic extreme for
the Type I distribution of wann/wn fitted to the 90th percentile and above of the true

distribution are u = 0.24 and o = 6.65. The implied mean and c.o.v. of this fitted distri-

bution are W__ /W = 0.33 and V = 0.59.
ann’ 'n w
ann

(c) Daily Maximum Wind Load - wapt

Data on daily maximum wind speeds are stored at the National Climatiec Center, Asheville,
NC. Most of these data have not been published in the open literature and generally are
recoverable only with considerable effort and expense. A thorough analysis of data at
selected sites of interest to the US aerospace program [A.20j indicated that the daily
maximum fastest mile wind speed is Type I. Analysis of daily'maximum wind speeds at 13
metropolitan areas across the US in 1974 EA.lS] showed éhat, on the average, vﬁailylvn =
0.23 with a c.o.v. of 0.35 (Vn is the 50-year MRI value). Having determined the c.d.f.
and statistics of wind speed, the determination of the statisfical characteristics of the
daily maximum wind load proceeds as before: the cumuiative distribution function of
wapt/wn is computed numerically and a Type I distribution isvfitted to its 90th percentile
and above. The characteristic extreme and shape of this fitted distribution are u = -0.021,
a = 18.7.
Snow Load

Snow loads are derived using climatological data and field studies which relate the
snow load on the roof of a structure to the ground snow load and the roof exposure, geometry
and thermal characteristics. This results in an estimate of the roof snow load which can
be given as

$ =Cu (A.11)
in which q = ground snow load, CS = snow load coefficient relating the ground to roof

loads; Cs depends on roof exposure, geometry and thermal factors. The factor Cs serves

much the same purpose as factor B in Eq. 1.
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In the study of snow loads in combination with other loads, the important random
variables are the annual maximum and the 50-year maximum snow loads. The 50-year maximum ground
load can be derived from the annual maximum ground snow load through Eq. A.7.

The bulk of the statistical data on snow loads is for the annual extreme ground snow
load Une for which there are numerous meteorological records. The annual extreme ground
snow load is also the basis for the current and proposed A58 snow load provisioms; in what
follows the nominal snow load 9, is the 50-year MRI value. A recent analysis of these
data has been performed by the US Army Cold Regions Research and Engineering Laboratory 'A.22].
Included in this analysis are water-equivalent loads at some 180 first order weather
stations and snow depths at some 9000 additional sites which ;re then converted to loads
through density-depth relagions. The data are taken from the winters of 1952 - 1978 and
usually include 26 or 27 years of record. This analysis forms the basis for the proposed
revisions to the A58 Standard for 1980.

It was decided to work directly with the water-equivalent load data in the reliability
analysis. The CRREL analysis of these data indicatesthat the c.d.f. for annual extreme
ground snow load is lognormal with parameters that vary from site to site. As with the
wind data, a number of sites across the US were selected for more detailed analysis.

These sites and the parameters A = E[Zn qan] and ¢ = /V;;TIE_E;;T.of the lognormal c.d.f.
for the annual extreme are listed in Table A.5. Cities were selected in which there was

measurable snow accumulation in each of the years of record.

Table A.5

Water-Equivalent Ground Snow Load Data

- Site Annual Extreme A58.1-1972 50-yr Maximum Roof lLoad
Ground Load
Years A z q u o
of n

Record
Green Bay, WI 26 2.01 0.70 28 ) 0.87 5.07
Rochester, NY 26 2.49 0.56 34 0.83 6.16
Boston, MA 25 2.28 0.51 30 0.70 6.63
Detroit, MI 20 1.63 0.58 18 0.69 5.97
Omaha, NB 25 1.60 0.69 25 0.62 5.20
Cleveland, OH 26 1.50 0.58 i9 0.60 6.30
Columbia, MO 25 1.21 0.84 20 - 0.69 4.05
Great Falls, MT 26 1.77 0.49 15 0.80 7.16
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Additional uncertainties in the roof load arise from the randomness in the snow load
coefficient Cs whicﬁ translates the ground load to avroof load. The CS factors in the
current and proposed AS8 Standards have been selected on the basis of field surveys,
augmented to a considerable degree by professional judgment, and have been chosen to be
conservative, The only roof configuration for which there is sufficient survey data to
estimate the statistical variation in CS is a flat roof with normal insulation in a normal
setting. In ANSI Standard A58.1-1972, CS = 0.8 for this situation. The best estimate of
the distribution of Cs in this case is that it is symmetrical (assumed normal) with E; =

0.5 and VC = 0.23, (Wayne Tobiasson of CRREL, private communication). The effect of the
]

analysis factor Vc is dinconsequential in comparison.

(a) Maximum Roof Snow Load -~ S

With the probability distribution functions of Cs and q (either the annual or 50-year
maximum) defined, the distribution of S/Sn may be computed by numerical quadrature. The
resulting distribution for the 50~year maximum is not fitted over its entire range by any
of the common two-parameter distributions. However, since the limiting distribution for a
series of lognormally distributed variates is the Type II extreme value distribution of
largest values, it would be expected that the c.d.f. for the 50-year maximum would approach
a Type II. Accordingly, a Type II distribution was fitted to the computed distribution
over the 90th percentile and above, as shown in Fig. A;3. The characteristic extreme and
shape (u, a) listed by site in Table A.5 afe for the fitted Type II distribution.

A composite set of parameters describing S/Sn was developed from the results presented
in Tabie A.5, which were used in the reliability analysis: u = 0.72 and a = 5.82. These
correspond to §/Sn = 0.82 and VS = (0.26. Some substantiation for these estimates is found
in Ref. A,10, where the snow loads on roofs were predicted using Monte Carlo simulation

and a sophisticated snow accumulation model.

(b) Annual Extreme Roof Snow Load - sapt

The probability distribution for the annual roof snow load may be computed similarly.

Since the ¢.o.v. in annual extreme ground load typically is much larger than VC (0.65 vs.
s

0.23), it would be expected that the distribution of Sapt/sn could be approximated by a

lognormal distribution, at least in the upper percentiles. Composite values ggpt/sn =

0.20 and VS = (0,73 were obtained for the reliability analysis.
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Earthquake Load

(a) Introduction

The philosophy of seismic design does not lend itself well to the development of a
material-independent load criterion, and the problem of how earthquake loads should be
treated in load combination work is one that has not yet been completely resolved. We
hope our difficulties will encourage the seismic engineering community in the future to
attempt to express their problem in terms more compatible with other loads. The fundamental
issues are familiar to the community: the codified seismic provisions for the loads
required to be used for static, linearly elastic member strength design are not well
related to the building behavior anticipated under design ground accelerations. The limit
state implicitly addressed is not first yield of a cross—section but some less well defined
building~wide behavior such as life threatening damage to elements or even collapse .

Lacking the time and expertise to solve problems that the earthquake engineering
community has been studying actively for decades, the recent ATC-3 effort [A.1l9] was taken
as the basis for translating member yield to "building failure."* The link is what is
termed the R factor. It is used to reduce base shears to design values, refiecting
primarily the ductility of members under dynamic loads, the toughness of the entire structure,
as well as resis;ance elements ignored in conventional structﬁral engineering. We use it
here to reduce predicted loads (base shears) to reflect the same phenomena. We assume,
naively perhaps, that the values for R arrived at by ATC-3 are best-estimates (mean)
values**.

(b) Seismic Environment

The hazard is described in terms of the 50-year maximum peak ground acceleration, A.
Techniques for estimating the probability distribution of this random variable for a given
site are well established and widely used. They have been applied systematically to the
entire cpntinental U.S. by Algermissen and Perkins [A.1}. Even though different investigators
may very well produce different estimates, the Algermissen-Perkins results will be used
here because they are already a basic element in seismic zoning proposals for the U.S.

[A.19]. They provide a map of peak ground accelerations associated with a 10% probability

%
Attempts to restrict the calibration to the member-yield limit state fail because the
implied reliability of existing practice is simply too low.

*% .
There is some empirical damage evidence in the commentary to suggest that the R values
given in the text are conservative (lower than mean) values.
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of being exceeded in 50 years. They also provide estimates of the dependence of probability
of acceleration near that 107 point. Their statements are consistent with the assumption
that A follows a Type IL extreme value distribution (an assumption confirmed by elementary,
theoretical seismic hazard analysis [A.5]):
—(a/u)-k
F, (a) = e a>0 (A.12)
with parameters u and k. Algermissen-Perkins' statement that for all cities the mean

return period increases (approximately) by a factor of 5 for a doubling of a is consistent

*
with the value

k=2.3
#k
The mapped value 219 has a 10% probability of being exceeded, implying that
_ 1 1/2.3 _
u = ag Un Gy 0.38 a1y (A.13)

The conclusion is that the probability distribution of the 30-year maximum peak ground

acceleration of any city with Algermissen-Perkins mapped acceleration alO is
_ a -2.3
FA (a) = exp [_(0.38a ) ] a>o0 (A.14)

10 .

For example, Massachusetts and much of New England have a mapped value of a, . = 0.09g.

10
Therefore the modal (most likely) value is u = (0.38)(0.09) or 0.034g. For the Type II
distribution the mean and coefficient of variation are

—— -—l = =
A=ul (1-9) =1.58u=0.60a., (A.15a)

(or 0.054g for Massachusetts) and

- 1387 ‘ (A.15b)

For Los Angeles, a = 0.4g, u = 0.15g, and A= 0.24g, with VA’= 138%. (In fact, in such

10

highly seismic areas, it may well be that the k value is larger owing to magnitude and

acceleration "saturation” effects. This would imply a higher mean and a lower coefficient
of variation for the same mapped value. Because the safety analysis 'checking point' may
well be approximately the mapped value, the error in continuing to use the same k (and V)

for these higher seismicity areas may not be much in error.)

1 "
-_l:f(T)-) = k &n(afu)

2.3]

*
For large values of a: &n (

*1-0.1= exp [—(alo/u)‘
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(¢) Seismic Loading

Load effects due to seismic ground shaking are normally determined for conventional
buildings by methods based on static analyses of the structures for loads which are proportional

to the base shear, Q, which explicitly (or implicitly) is calculated from an equa;ion of

*
the form :
Q- (®) AS, Sz (A.16)
Yo -
in which

A = peak ground acceleration

S = spectral amplication factor (a function of period and damping)

§ = soil factor. . (assumed here to equal 1 for calibration purposes)
W =.weight of structure
R = system factor

and

B = a random factor with mean equal to one introduced here to account for load modeling
and other uncertainties.

The factor R accounts for ductility of materials, members, and the structural system
as well as for elements of resistance normally ignored in structural calculations {(in this
we follow the ATC-3 outline as the "best' current view of seismic behavior). We use for
calibration ordinary steel or concrete framed‘struqtures (as distinct from special, moment-—

*% —
resisting frames) for which an R of 5 will be used. For S we use (consistent with

2/3 K
, and for calibration we adopt T = 0.3, yielding Sv = 2.7 or

o

ATC=3): 1.2/T
T=%laW=-0503%7
The implied mean base shear coefficient, Q/W, will be 0.544A, e.g., about 0.029 fqr Massachusetts
and 0.13 for Los Angeles.
To relate this mean to nominal values we use the procedure in the 1976 Uniform
Building Code in which [21}] '

Q, = ZKCISW (A.17)

in which

ASV

o
R

* .
For example, in the UBC 76 code the product corresponds to the product ZCK. The

notation here is closer to that of ATC-3.

*%
ATC-3 recommends 4 1/2 for buildings with reinforced masonry shear walls, 5 1/2 for concrete
shear walls, and 5 for steel braced frames. :
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Z = zone factor (1.0, 3/4, 3/8, and 3/16) for Zomes IV, 1II, II, and I, respectively)
K = building factor (here, 1 for ordinary frames)
C = base shear coefficient (0.12 for T < 0.3)
I = importance factor (here 1 for calibration)
S = soil factor (again 1 for calibration)
W = weight of structure.
Therefore for calibration
Q, = 0.12 Z W

For example in most of Massachusetts, Z = 3/8; therefore,

- 0.029 W
Q/Qn‘= {0.12) (0.375)%

whereas in Los Angeles (Z = 1.0)

=, 0.3 _
Q/Q, =573 < 1-08

= 0.64

The uncertainty in Q will be overwhelmingly dominated by that in A; therefore the
values of coefficients of variation of the other factors need not be given special care.
For reference, however, we estimate that VW might be about 0.07 to 0.1, consistent with
dead and arbitrary point-in-time live loads averaged over large areas. The uncertainty
represented by B includes that due to load modeling and static-for-dynamic analyses (e.g.,
errors in the c.d.f. of A, superposition of modal responses, deviations from the code-
implied mode shapes, the approximate distribution of the static force over the height of

the structure) and the usual VC (for static analysis uncertainties). This value could be

0.2 or somewhat higher. SV has a c.o.v. of about 0.3 for the implied periods and dampings.
o

The uncertainty in R may be very large given the limited physical test verification.
However, we believe that variation is less than the plus-50% level that would be necessary
to matefially increase the variability of Q relative to the 138% due to A alone. For this
same reason the shape of the CDF of Q will be effectively Type II as well.

In conclusion, it is assumed that Q has a Type II Extreme Value distribution with k =

2.3 (i.e, V_ = 138%) and mean to nominal ratio of

Q
E/Qn = 0.54 A/0.122
or = 0.32 alO/O.lZZ

The ratio of u. to Qn is

Q

Yo _o.3& _ 22029
q 0.z 0.2 ‘ 126




in which a

10 is the Algermissen-Perkins mapped acceleration and Z the corresponding 1976

UBC zone factor for any particular city.
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APPENDIX B -~ REINFORCED AND PRESTRESSED CONCRETE MEMBERS

B.1 Introduction

The strength of a reinforced concrete member may vary from the calculated or "nominal
strength" due to variations in the material strengths and the dimensions of the member as
well as variabilities inherent in the equations used to compute member strengths. This
appendix briefly reviews each of these sources of variability and documents the statistics
which were used in dete;mining the reliability levels for concrete structures.

B.2 Basic Variables

The basic variables affecting the strength of concrete members are the concrete
strength in compression and tension, the yield strength of the reinforcement and the
dimensions of the cross-sections. The variability of these quantities was based primarily
on the data summarized in references B.l, B.2 and B.3.

Three major assumptions were made in determining the strengths to be used in the code
calibrations.

1. The variabilities of the material properties and dimensions correspond to average
quality construction.

This assumption was made because thewresults were intended to represent the overall
variability of North American construction practice rather than the wvariability of a
particular job which may be done well or poorly. In a similar manner, the reinforcement
was assumed to be drawn from a population representing all sources of reinforcement in the
United States and Canada rather than from a specific mill or area.

2., The material strengths were assumed to be representative of relatively slow
loading rates for leoad combinations of dead, live and snow loads. The yield strength of
steel was based on a so-called 'static" loading rate [B.2] and the crushing and tensile
strengths of concrete were based on a 1 hour loading to faillure.

The strengths of concrete and reinforcement tend to increase at rapid rates of loading.
In the case of wind or earthquake loads the concrete and reinforcement strengths were
assumed to increase by 5 percent.

3. Long time strength changes of the concrete and steel due to increasing maturity
of the concrete and possible future corrosion of the reinforcement were ignored. Washa
and Wendt [B.4] reported an average strength ratio of 2.39 comparing the compressive

strength at age 25 years to the strength at age 28 days. In tests of concrete strength
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at 99 points in a 22 year old concrete building, the average strength was found to be 8050
psi (56 N/mmz) with a standard deviation of 500 psi (3.5 N/mmz) compared to an average 28
day cylinder strength for the same project of 3780 psi (26 N/mmz) and a specified strength
of 3000 psi (21 N/mmz) [B.5]. 1In this case the ratio of average 22-year strength to
average 28-day strength was 2.13.

Thus, relating the concrete strength to the 28-day test cylinder strength leads to a
conservative estimate of member strengths, particularly in the cases of shear and bond or for
columns.

(a) Concrete

The compressive and tensile strengths of concrete in structures were based on the
assumption of a slow rate of loading, corresponding to failure in a test lasting one hour
{B.1]. The mean compression strength of concrete in structures was taken as 2760 psi (19
N/mmz) and 4028 psi (28 N/mmz) for 3000 and 5000-psi concrete, respectively. This compares
with the value of 0.85 fé (2550 and 4250 psi for 3000 and 5000 psi concrete, respectively)
used as the maximum compressive stress in the ACI Code. The coefficient of variation, VC,

of the in-situ compression strength was taken as

_ 2 1/2
Vc = (VCcyl + 0.0084) ~(B.1)
where Vccyl 1s the coefficient of variation of the cylinder tests. For average control
‘Vccyl is about 15 and 12 percent for 3000 and 5000 psi concrete, respectively, and Vc can

be taken as 18 percent and 15 percent [B.l]. In an independent study, Ellingwood [B.6]
estimated the coefficient of variation of the in-situ strength as 0.207 for average control.
Bond étrength and shear strength involve tensile failures of the concrete in essentially
biaxial compression-tension stress fields. Again the strength of concrete in a structure
subjected to a slow rate of loading was considered critical. This strength is best represent
by the splitting strength of concrete which, following relationships given in Ref. B.1,
gives mean in-situ temsile strengths of 306 and 366 psi (2.11 and 2.5 N/mmz) for 3000 and
5000-psi concrete respectively. The coefficient of variation of the in-situ temsile
strength was taken equal to 18 percent which is the value assumed for the compressive
strength. Other studies [B.6] have also concluded that the c.o.v. in tensile and compressive
strengths of concrete could be assumed to be equal.
Both the tensile and compressive strengths were assumed to follow a normal distribution.

The assumed values are given in Table B.1.
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Table B.1l

Basic Variables

* %k
Property Mean A o Ref.
Concrete Normal Controel
Compressive strength in structure
loaded to failure in one hour.
fé = 3000 psi 2760 psi 0.18 - B.1
= 4000 psi 3390 psi 0.18 - B.1
= 5000 psi 4028 psi 0.15 - B.1
Tensile strength in structure,
loaded to failure in one hour.
fé = 3000 psi 306 psi 0.18 - B.1
= 4000 psi 339 psi 0.18 - B.1
= 5000 psi 366 psi 0.18 - B.1
Reinforcement
Grade 40, Static Yield 45.3 ksi 0.116 5.3 ksi B.2
Grade 60, Static Yield 67.5 ksi 0.098 | 6.6 ksi | B.2
Grade 270 Prestressing Strand,
Tensile Strength in Static Test 281 ksi 0.025 7.0 ksi | B.9
Dimensions
Overall depth - Nominal
Slab (1696 Swedish Slabs) +0.03 in - 0.47 in 'B.3
(99 Slabs) +0.21 in - 0.26 in B.5
Beam (108 beams) -0.12 in - 0.25 in B.3
(24 beams) +0.81 in - 0.55 in B.5
Effective depth - Nominal
One-way Slab; Top Bars
(1696 Swedish Slabs) -0.75 in - 0.63 in B.3
(99 Slabs) -0.04 in - 0.37 in B.5
Values Used -0.40 in - 0.50 in
One-way Slab; Bottom Bars
(2805 Swedish Slabs) -0.13 in - 0.34 in B.3
(96 Slabs) -0.16 in - 0.35 in B.S5
Values Used -0.13 in - 0.35 in
Beam, Top Bars -0.22 in - 0.53 in B.3
Beam Stem Width - Nominal Width| +0.10 in - 0.15 in B.3
Column width, breadth - Nominal| +0.06 in - 0.25 in B.3
Cover, bottom steel in beams +0,06 in - 0.45 in B.3
-0.35 in - 0.28 in B.5

1 psi = 6895 Pa ; 1 in = 25.4 mm

*
Coefficient of variation

*%
Standard deviation
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(b) Reinforcement

Based on studies of the statistics of the strength of Grade 40 and Grade 60 reinforcing
bars [B.2], the means and coefficients of variation of the static yield strengths were
taken as 45.3 ksi (312 N/mmz) and 0.116, respectively, for Grade 40 hot-rolled deformed
bars and 67.5 ksi (465 N/mmz) and 0.098 for Grade 60 bars. The beta c.d.f. was used to
model the yield stress and ultimate strengths [B.2].

For Grade 40 bars, Allen [B.7] assumed a normal distribution of yield stress with a
mean of 1.072 times the specified or 42.9 ksi (296 N/mmz) and a coefficient of variation
of 9 percent. Ellingwood [B.8] assumed a lognormal distribution for Grade 40 steel with a
mean strength of 47,7 ksi (329 N/mmz) and a coefficient of variation of 9 percent; in a
later publication [B.6], this mean was reduced by 3 ksi (21 N/mmz) and the coefficient of
variation was increased to 11 percent to account for variabilities due to bar size effects
and strain rate effects.

The ultimate static tensile strength of prestressing wires and strands with a nominal
tensile strength of 270 ksi (1862 N/mmz) was taken as 281 ksi (1938 N/mmz) with a coefficiem:
of variation of 0.025 {B.9]. This strength was assumed to have a normal distributionm.

The assumed distribution parameters for the reinforcement are given in Table B.l. It
is interesting to note that the standard deviation of the yield strengths of reinforcing
bars and the tensile strength of the prestressing strands are almost the same, increasing
from about 5 ksi for Grade 40 steel to about 7 ksi for the prestressing steels. This
explains the very small coefficient of variation given in Table B.l.

(c) Dimensions

The differences between the nominal and as-built dimensions are best characterized by
the mean and the standard deviation of the error. Since these standard deviations are
roughly independent of beam size the coefficients of variation decrease as the member
sizes increase. As a result, the overall variability of the strengths of columns or beéms
was found to be size dependent.

The most important dimensional variations are summarized in Table B.1l. For slabs,
Ref. B.3 contains data from Swedish studies reported in 1953 and 1968. The mean errors
and standard deviations of the 1968 data were roughly half as large as those in the 1953
study. The data in Ref. B.5, although limited to measurements taken in one building in
St. Louis, was considered important since this building was désigned and built to conform
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to the 1933 ACI Code. For slab dimensions in particular, the St. Louis data was significantly
different from the Swedish data, as shown in Table B.1. The data in Ref. B.5 has been
considered in selecting the distributions for the effective depths of top bars in slabs
since the variabilities reported in Ref. B.3 seemed excessive in this case.

For purposes of comparison, Allen [B.7] assumed the average effective depth, d, to
equal the specified value with a coefficient of variation of 0.025 + 0.20/d in his studies
of flexural capacity. Ellingwood [B.6] suggested that the coefficient of variation of
concrete member dimensions is O.A/hn while that for effective depth of reinforcement in
flexural members is 0.68/hn where hn = nominal member dimension. These give values similar
to the values in Table B.1.

B.3 Properties of Members for Use in Reliability Studies

B.3.1 Calculation of Statistics of Resistance

The probability distributions and statistics for the capacities of reinforced and
prestressed concrete members were studied using a Monte Carlo technique and were spot
checked using direct calculations of the means and standard deviations of the resistances.
The steps in the Monte Carlo procedure included:

1. A series of relatively accurate methods of calculating member resistances in
flexure, shear, bond, etc. was obtained from the literature or were derived. In general
these procedures were more comprehensive than the normal design procedures. By comparison
to tests, the bias and variability of the computational procedure itself was obtained.

'

This term, referred to as "model error,” will be discussed more fully later.

2. A series of representative cross-sections or members were chosen,‘each defined by
a set of nominal material strengths and nominal dimensions. For each particulér member
the following calculations were carried out.

3. The nominal resistance, Rn’ was computed based on the nominal material strengths
and dimensions and the ACI Code [B.1Q] calculation procedures (with ¢ = 1.0).

4. A set of material strengths and dimensions was generated randomly from statistical
distributions of each variable. This set of strengths, etc. plus a randomly generated
value of the model error was used with the accurate calculation procedure to estimate the
theoretical capacity R of a member having this particular combination of stremngths and
dimensions. The strength ratio R/Rn was calculated. The mean of this ratic and its

coefficient of variation were evaluated.
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5. .By repeating steps 2 to 5 for a series of nominal cross-sections a measure of the
mean and c.o.v. in R/Rn was obtained. In most cases those were expressed in terms of the
mean §7Rn and the éoefficient of variation, VR of a normal distribution fitted to the
portion of the lower range below the 5th percentile of the strength distribution.

B.3.2 Calculation of Model Error

To determine the "model error'" the accurate calculation procedure was compared to
tests to get the mean and coefficient of variation of the ratio of test strength divided
by calculated strength. The variagbility determined in this way was assumed to result from

three causes [B.11l]:

_ Z 2 2
VT/C - \/Vm + Vtest + Vspec (B.2)
where VT/C is the coefficient of variation obtained directly from the comparison of the

measured and calculated strengths; Vm represents the variability of the model itself,

Vtest represents the uncertainties in the measured loads due to such things as the accuracies

of the gages, errors in readings, definitions of failure and Vspec represents errors

introduced by such things as differences between the strengths in the test specimen and in
control cylinders, variations in actual specimen dimensions from those measured. The

values of vspec were calculated using the Monte Carlo prbcedure assuming variabilities

representative of in-~batch variations in concrete strength, yield strength and possible

errors in dimensions. Typically VS was found to be about 4 percent and Vt about 2

pec est

to 4 percent. Thus if the coefficient of variation of the measured to calculated capacity

was 6.4 percent the variability of the model error would be [B.11]:

a2 2 2 .
Vm JJQT/C Vtest Vspec (8.3)
=40.064% - 0.04% - 0.047
= 0.046
A random variable having a mean value equal to the average value of R /R and a

test’ calc

coefficient of variation of Vm was included in step 4 of the Monte Carlo calculatioms
described above.

B.3.3 Flexure and Combined Flexure and Axial Load

(a) Model Used in Calculation of Statistics

For a given axial load the flexural capacity of a reinforced concrete member was

computed by deriving a moment-curvature diagram for the cross-—section. The maximum moment
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capacity for that particular axial load was then taken as the highest point on the moment-
curvature diagram. This approach allowed either compfession or tension failures to be
detected in cracked or uncracked members without a change in calculation procedures or
equations. For beams, the axial load was set equal to zero in all cases. For columns, a
sufficient number of axial load levels was considered to develop an interaction diagram
which was used to determine the strengths at various eccentricity ratios.

The calculations were based on the assumption of plane strains remaining plane, a
modified Hognestad stress-strain curve for concrete with the maximum concrete stress equal
to the value given in Section B.1l (a), and on an elastic-plastic stress-strain curve for
the reinforcement. Of all the assumptions made, the latter had the greatest effect on the
accuracy of the solutions. Selec;ed calculations based on stress-strain curves which
included a strain-hardening branch suggested that inclusion of strain hardening would
increase the ultimate moment by amounts ranging from less than 5 percent for steel ratios
representative of beams, to as much as 25 percent for very lightly reinforced slabs. For
column sections, the moment capacities at very low axial loads were increased by about 15
percent when strain-hardening was included but no significant effect was noted for most
other eccentricities. The effect of strain hardening of the reinforcement was ignored in
this study because the deformations require& to utilize strain-hardening are very large
and are accompanied by a risk of failures due to bond, shear, etc. before a complete hinge
system develops. An exception has been made in the case of thin lightly reinforced slabs
in which yield-line failures are possible.

The computational model was compared to tests of hinged-ended reinforced concrete
columns [B.11] and simply-supported reinforced and prestressed concrete beams [B.9]. For
columns, the mean ratio of test to calculated load was 1.0l with a coefficient of vﬁriation
of 0.064. A study of the experimental data suggested that uncertainties in the loading
procedures and measuring apparatus could introduce a coefficient of variation Vtest =
0.02, while possible differences between the actual dimensions and material strengths at
the failure section and those measured in control specimens could introduce a coefficient
of variation VSpec = 0,04. Following Eq. B.3, the resulting model error was calculated as
0.046.

For presfressed concrete beams the mean ratio of calculated to test load was also
1.01 and had a coefficient of variation of 0.054. Using Vtest = 0.02 and Vspec = 0.025,

133



the coefficient of variation of the model error was computed as 0.043. Similar results
were obtained for reinforced concrete beams although the comparison was limited to beams
which did not develop significant strain hardening.

In all calculations of the variability of the flexural strength of beams or the
combined axial load and moment capacity of columns, the model error was assamed to have a
mean of 1.01 and a coefficient of variation of 0.046 and has been incorporated in all the
distribution data for flexure or combined flexure and axial loads in the remainder of this
Appendix.

(b) Reinforced Concrete Flexural Members

(i) Effects of Continuity

The ACI Code requires that continuous beams be designed for checkerboard live loadings.
The effect of this is to require up to 1.10 times the statical moment, w22/8, in end spans
and up to about 1.23 times the statical moment in interior spans. Assuming the maximum
redistribution of moments allowed by the ACI Code occurred, the total moment capacities
decrease to about 1.05 and 1.12 times the statical moment in end and interior spans,
respectively. The ACI Code does not allow redistribution if the steel ratio exceeds half
of the balanced steel ratio.

In this study it will be assumed that in the case of beams the reinforcement ratios
in negative moment reglons and/or the bar cut-off locations are such that redistribution
cannot be counted on and a beam will be assumed to fail if one section reaches its moment
capacity. On the other hand, redistribution will be considered in the case of one or two-
way slabs which almost invariably are very lightly reinforced and continuous.

(ii) One-way Slabs

One-way reinforced slabs typically vary from 4 to 8 inches (102 - 203 mm) in thickness
with reinforcement ratios from about 0.004 to about 0.008. Such slabs are typically
continous at one or both ends and are designed for positive and negative moments which
total 1.1 to 1.23 times the statical requirements. Assuming strain hardening will cause
an increase of 10 percent in the mean capacity, the strength distribution of simply supported
one-way slabs can be represented by:

R/R = 1.12 vy = 0.19
The high coefficient of variation is a result of the relatively thin sections considered.

For continuous slabs, the effect of moment redistribution increases the mean to at least
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el e sevu = weaiu.  Lu Lune OLDEr Dana, Cwo Sectlons must rail for the slab to fail. As a
result, the effective overall c.o.v. decreases. Typical values are given in Table E.2.
The values given in this table are a composite of a number of value§ for various thicknesses
and reinforcement ratios.

Typical ratios of specified live load to dead load range from 0.5 to 2.5. No live
load reduction is allowed in one-way slabs. For sndw loading, ratios of snow to dead load
would range from about 0.25 to 1.25. Wind loading is not a critical design problem in
such slabs.

(iii) Two-way Slab Systems

Flat plate and flat slab floors typically range from 5 inches (127 mm) thick for 15
ft (4.6 mm) square bays for apartment loadings to 9 or 10 inches (229 - 254 mm) thick on
25 ft (7.6 mm) square bays for industrial loadings. In contrast to one-way slabs, two-way
slabs aré designed for 1.0 times the statical moment and are always continuous. The steel
ratios in a flat plate range from about 0.003 in positive moment regions to as high as
0.02 in negative moment regions near columns. In most cases however, the steel ratios are
0.01 or less. The flexural failure mode of two-way slab structures is highly ductile. A
representative description of the strength of two-way slabs reinforced with Grade 60 steel
would be:

E/Rn =1.12  Vp = 0.14

Typical specified live to dead load ratios range from 0.7 to 2.0. The latter ratio
corresponds to industrial or storage loadings. Snow to live load ratios range from 0.25
to 1.25, Although two-way slab structures are generally braced to resist the wind loads,
unbraced flat plate buildings do occur. In unbraced structures, wind load moments will
range from 0 to 0.5 times the dead load moments. Typical influence areas (equal to
tributary areas in this case) range from 250 to 600 ft2 (23 - 56 mz).

Pan-joist floors typically vary from 11 to 24,5 inches (279 -~ 622 mm) in total depth
and span 15 to 40 feet (4.6 - 12.2 m). The reinforcement ratios vary from 0.0006 to 0.004
in positive moment regions and 0.005 to 0.013 in negative moment regions. Although such
structures are typically continuous, the amount of moment redistribution which can be
accommodated is .variable due to the possibility of shear failures or shifts in the points
of contraflexure. The first section to yield would generally be at the supports where the
steel percentages are frequently high enough that strain hardening would not significantly
affect ‘the failure moment. A representative description of the distribution of strengths

of joist floors reinforced with Grade 60 reinforcement would be;
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Table B.2

Resistance Statistics

Action Type of Member Details §7Rn VR
Flexure Continuous one-way slabs 5 in. thick, Grade 40 1.22 0.16
Reinforced 5 in. thick, Grade 60 1.21 0.15
Concrete Two-way slabs 5 in. thick, Grade 60 1.16 0.15
7 in. thick, Grade 60 1.12 0.14
One-way pan joists 13 in. overall depth, 1.13 0.135
Grade 60
Beams, Grade 40, fé = 5 ksi o = 0.005 = 0.09 p 1.18 0.14
p = 0.019 = 0.35 °y 1.14 0.14
Beams, Grade 60, fé = 5 ksi p = 0.006 = 0,14 o 1.04 0.08
p = 0.015 = 0.31 op 1.09 0.11
p = 0.027 = 0.57 b 1.05 0.11
p = 0.034 = 0.73 b 1.01 0.12
Flexure, Reinforced Concrete - Overall Values 1.05 0.11
Flexure Plant Precast Pretensioned w_ = 0,054 1.06 0.057
Prestressed wP = 0.122 1.05 0.061
Concrete wP = 0.228 1.06 0.083
wP = 0.295 1.04 0.097
Cast-in-Place Post-tensioned wP = 0.054 1.02 0.061
wP = 0.172 1.05 0.083
wP = 0.228 1.03 0.111
wg = 0.295 1.05 0.144
Flexure, Plant Precast Pretensioned, Overall Value 1.06 0.08
Cast-in-Place Post-tensioned, Overall Value 1.04 0.095
Axial Load Short Columns, Compression fé = 3 ksi 1.05 0.16
and Flexure Failures fé = 5 kei 0.95 0.14
Short Columns, Tension Failures fé = 3 and 5 ksi 1.05 0.12
Slender Columns, k&/h = 20, f' = 5 ksi 1.10 0.17
Compression Failures ¢
Slender Columns, k&/h = 20, f' = 5 ksi 0.95 0.12
Tension Failures ¢
Shear Beams with a/d > 2.5, p = 0.008 No stirrups 0.93 0.21
Min stirrups 1.00 0.19
p. f_ = 150 psi 1.09 0.17
vy
1 ksi = 6.9 N/mmz; 1l in = 25.4 mm
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R/Rn =1.13 VR = 0.135
Typical live to dead load ratios range from 0.5 to 1.5. Wind to dead load combinations
are generally not considered.

(iv) Reinforced Concrete Beams

The range of properties of reinforced concrete beams is almost infinite. For the
purpose of this study, beams will be assumed to have effective depths in excess of 10
inches (254 mm) and no moment redistribution or strain hardening will be considered.
Representative beam cross-sections would have the strength distributions listed in Table
B.2. Clearly, the means and coefficients of variation vary considerably. Two cases have
been emphasized in the reliability studies:

i/Rn = 1.05 v, = 0.11 (Beam, Grade 60 reinforcement)

R

i/Rn = 1.14 VR = 0.14 (Beam, Grade 40 reinforcement)

In addition, a third special case should be considered when setting ¢ factors for reinforced
concrete. This is

E/Rn = 1.01 and Vp = 0.125 (Beams, high p)

Significant loading ratios range from about 0.25 to 1.50 for live to dead load and
from O to 0.5 for wind to dead load ratios. Typical influence areas (equal to 2 times the
tributary area) range from about 400 to 8000 Et2 (37 - 743 mz).

For comparison, Allen [B.7] reported i/Rn = 1.06 to 1.25 depending on rate of loading
and reinforcement ratio and VR = 0.09 to 0.21, the higher values being for shallow members

and poor workmanship. Ellingwood [B.6] suggested a representative value E/Rn = 1.12 for

moderately reinforced concrete members with Grade 40 reinforcement and V, = 0.13 to 0.16,

R

the higher values being for shallow members.

(v) Prestressed Concrete The coefficient of variation in the strength of prestressing

tendons is quite small and because of this, the coefficient of variation in the moment
capacity of prestressed concrete is considerably smaller than that of reinforced concrete
[B.9]. 1In addition, the coefficient of variation of plant produced pretensioned concrete
members is reduced by the better quality control for such members. Typical strength
properties of prestressed beams are given in Table B.2. These can be summarized as:
Plant-produced, precast, pretensioned concrete beams:
Normal steel percentages,

R/R_ = 1.06 V_ = 0.08
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Maximum steel percentages normally allowed,
R/Rn = 1.04 VR = 0.10
Post-tensioned beams:
Normal steel percentages,
R/Rn = 1.04 VR = 0.095
Maximum steel percentages normally allowed,
R/Rn = 1.05 VR = 0.14
Typical live to dead load ratios for pretensioned beams range from 0.5 to 1.75. Wind
load is seldom a design factor for plant produced pretensioned concrete members.
The loading ratios expected for post-tensioned beams should be the same as for comparable

reinforced concrete beams.

(c) Reinforced Concrete Columns

(i) Typical Loading Ratios

Columns are subjected to combinations of axial load and moment ranging, in theory,
from pure axial load to pure moment. The ratio of moment to load can be expressed using
the eccentricity ratio e/h = M/Ph, where h is the overall depth of the column. ?his ratio
equals zero for pure axial load and infinity for pure moment. The variability of columns
tends to be greater for compression failures, initiated by crushing of the concrete, than
for tension failures in which failure is initiated by yielding of the steel [B.8, B.1l].

For columns supporting the roof of a concrete building, eccentricity ratios of 0.65
or so, corresponding ﬁo tension failures, are experienced. Live to dead load ratios or
snow to dead load ratios between 0.25 and 0.75 are most typical. Based on ratios of axial
load effects, wind to dead load ratios are generally less than 0.25. If, however, the
ratios of wind load moments to dead load moments are considered, typical ratiocs for top
story columns range from 0.25 to 5.0. 1In calibration studies for the tension failure
range, top story columns were considered and the loading ratios and the variabilities were
based on moments rather than axial loads. The influence area (four times the tributary
area) of a top story column was assumed to be 1600 ft2 (149 mz) based on a 20 ft (6.1 m)
bay size.

Columns supporting one to three floors plus a roof typically would fail in compression
with eccentricity ratios of about 0.25. For columns supporting more than three floors

typical e/h ratios approach 0.10. Typical live to dead load ratios range from 0.25 to
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1.25 in terms of code live loads or 0.15 to 0.75 in terms of nominal or reduced live
loads. The wind to dead load ratios, based on axial load effects, ranged from 0 to 0.50.
In calibration studies for colummns failing in compression, the variability'along lines of
constant e/h was considered and the calculations were based on an influence area of 4800
ft2 (446 m2) based on three floors each having 20 ft (6.1 m) bays.

(1i) Variability in Strength of Short Columns

The variability in strength of reinforced concrete tied columns has been studied by
Ellingwood [B.6, B.8] and by Grant et. al. [B.11}. Ellingwood suggests somewhat higher
variabilities than Grant for essentially two reasons:

(a) Ellingwood has assumed a coefficient of variation of model error of 0.061 while

Grant took the coefficient of variation of the model error to be 0.046 as discussed
in Section B.3.2;

(b) Ellingwood increased the data-based estimates of variability to account for
uncertainties due to data sampling and observation errors, while Grant used
representative average data-based estimates.

Despite these differences, the c.o.v. in short column capacity shown in Fig. 3 of Ref.
B.11, Fig. &4 of Ref. B.8 and Fig. A.5 of Ref. B.6 are very close to one another, falling
in the range 0.10 - 0.17, depending on eccentricity and reinforcement ratios. These
references suggest the following means and c.o.v. in strength of short columns:

Compression Failures: 3000 psi concrete K/Rn =-1.05 v, = 0.16

R
0.14

5000 psi concrete E/Rn = 0.95 VR

Tension Failures: i/Rn = 1.05 Ve = 0.12
The values for tension failure are close to those proposed for flexure in reinforced

concrete beams, as expected.

(iii) Slender Columns

Slender reinforced concrete columns are relatively rare. In a group of 22000 columns
surﬁeyed in the late 1960's [B.12], 94 percent had h/f less than or equal to 10, 5 percent
has h/% between 10 and 20 and the remaining 1 percent had h/¢ between 20 and 30. In this
sample the loading ratios and eccentricity ratios appeared to be similar to those for
short columns. ‘

The variability in the strength of hinged-end tied columns bent in single curvature
was studied using a Monte Carlo technique. In this study a moment-curvature diagram was

generated and used to compute the deflected shape of the column and the resulting maximum
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moments for any slenderness ratio, axial load and eccentricity of load. The results,
expressed in terms of the ratio of theoretical strength to ACL code strength [B.10] based
on ¢ = 1.0 were used to select the representative distribution properties given below.
These are for a 12 inch square column with fé = 5000 psi, fy = 60000 psi and 2.2 percent
reinforcement and %£/h = 20.

Compression failure - e/h = 0.1, E/Rn = 1.10, Vg = 0.17

Tension failure - e/h = 0.7, i/Rn = 0.95, Vp = 0.11

B.3.4 Shear in Reinforced Concrete Beams

The words "shear strength of reinforced concrete" refer to a family of failure modes,
some of which are related only in that shear forces are present. No completely satisfactory
mechanical model exists for predicting shear strength and this complicated the study of
the variability of the shear strength of reinforced concrete.

The study of the variability of shear strength of reinforced concrete was limited to
two cases: beams with a/d greater than or equal to 2.5 with or without stirrups. The
limitation on the type of beams considered corresponds to the limits on the normal design
eqﬁations for shear in beams in Sections 11.3 and 11.5 of the ACI Code (See also ACI
"Section 11.8.1).

The shear strength variability was studied in Ref. B.13 by comparing theoretical
strengths computed using the shear streng;h regression equation developed by Zsutty [B.1l4]
to design strengths computed using Eq. 11-2, 11-3, and 11-17 of the ACI Code with ¢
set equal to 1.0. When compared to 62 tests of beams with stirrups and 96 beams without,
all of which failed in shear and had a/d ratios from 2.3 to 4.9, the overall ratio of test
to theoretical strength had a mean of 1.09 and a coefficient of variation of 12.5 percent.
For beams without stirrups the mean and coefficient of variation were 1.12 and 8.7 percent,
for beams with relatively low amounts of stirrups they were 1.085 and 13.7 percent and f&r
beams with large amounts of stirrups they were 1.13 and 8.2 percent, respectively. 1In
this study the model error was based on a mean of 1.09 and a coefficient of variation of
12.5 percent. The latter value was decreased to 11.5 percent to allow for in-~test and in-
specimen variations as explained in Section B.3.2.

The shear strength model used in the calculations was dependent on the longitudinal
steel percentage in the beam while the ACI Code equations are essentially independent of

steel percentage. This led to very low mean strength ratios for low longitudinal steel
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ratios, p. In the calibrations the following mean strength ratios and coefficients of
variation were used. These are based on p = 0.008 which is close to the minimum expected
for a beam susceptible to shear failures and on beams with no stirrups, minimum-stirrups,

and moderate stirrups:

No stirrups i]Rn = 0.93 VR = 0,21
Minimum stirrups ﬁ]Rn = 1.00 VR = 0.19
Moderate stirrups ﬁ/Rn = 1.09 VR = 0.17

An earlier independent evaluation of variability in shear strength [B.6] using the

truss analogy rather than Zsutty's equation led to estimates of V_ in the range 0.20 -

R
0.23, depending on the amount of web reinforcement, In that study, the model error was
primarily based on data from several sources reported in Chapter 6 of Ref. B.15. Most of
these data were obtained from beams in which a/d was less than 2.5. Analysis of these
data, source by source, led to a c.o0.v. in model error of 0.15 rather than the 0.115 cited
above; this is sufficient to account for the difference in VR'
B.3.5 Overall Summary

The means and variabilities of individual cross sections considered in the preceding
sections are listed in Table B.2. For flexure, representative values are also suggested
in this table.

B.4 Results of Calibrations for Concrete Members

B.4.1 Reinforced and Prestressed Concrete Beams in Flexure

Tables B.3 and B.4 present values of B for reinforced and prestressed concrete beams
for various combinations of dead, live, wind and snow loads. 1In all cases the calculatioms
have been carried out for a tributary areé of 400 ftZ (37.2 mz) and a nominal total dead
load of 100 psf (4.8 kN/mz). Live load reduction factors were calculated using ANSI
A58.1-1972 Section 3.5.1 for all levels of live load [B.16}. 1In addition, values of B are
given for L/D ratios of 1.0 and 1.5 based on no live load reduction as would be applicable
if L exceeds 100 psf. The true value of f generally would lie somewhere between the two
values given.

B.4.2 Reinforced Concrete Columns

The values of B in Table B.5 have been computed for two cases. Compression failures
are assumed to occur in columns supporting two floors and a roof with a total influence

area of 4800 sq. ft. Tension failures are assumed to occur in columns supporting a roof,
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Table B.3

Values of B for Flexure, Reinforced Concrete Beams

Factored loads taken as the larger of ACI Code Equations 9.1 and 9.2 with the load factor
for snow taken as 1.7 and ¢ = 0.9.
Live Load Reduction Factors from ANSI AS58,1-1972 Sections 3.5.1 and 3.5.2 for a

tributary area of 400 ft2 (37 mz).

= Lo Sn Wn B
Case LLRF R/ Rn VR E ey Da
Beam - Grade 60 Low p - 1.09 §0.115 0 - - 2.92
Yes 0.50| - - | 3.09
Yes -1.00 - - 2.90
No 1.00| - - | 3.74
Yes 1.50 - - 2.74
No 1.50 | - - | 3.67
Beam - Grade 60 Med p - 1.0510.11 0 - - 2.80
Yes 0.50 | - - |2.98
Yes 1.00 - - 2.78
No 1.00 - - 3.65
Yes 1.50 - - 2.62
No 1.50 - - | 3.58
Beam - Grade 60 Very Low p Yes 1.04 | 0,08 1.00) - - | 3.02
Beam - Grade 60 Very High p Yes 1.0110.12 1.00 | - - | 2.61
Beam - Grade 40, Low p Yes 1.18 | 0.14 1.00| - - 2.93
Beam - Grade 40, Med p Yes 1.14 | 0.14 1.00 - -~ | 2.77
Beam - Grade 60, Med o - 1.05 1 0.11 - 0.50 - |3.33
- - 1.00 - | 3.08
Beam - Grade 60, Med o Yes 1.05]0.11 0.50 ¢ - 0.25| 3.28%
0.50] - 0.25 | 2.98%%
0.50] - 0.50 | 2.74%
0.50 - 0.50 | 3.34%*
0.50 - 1.00 | 2.50%*
0.50| - 1.00 | 4,55%*
1.00| - 0.25 | 3.90%
1.00| - 0.25| 2.78*%*
1.00| - 0.50 | 3.24%*
1.00 - 0.50 | 2.78%%
1.00| - 1.00 | 2,90%
1.00| - 1.00 | 3.76*%%

* .
Based on Dead Load + Arbitrary Point-in-Time Live Load + Maximum Wind Load

kk
Based on Dead Load + Maximum Live Load + Arbitrary Point-in-Time Wind Load
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Table B.4

Values of B for Flexure, Prestressed Concrete Beams

Factored loads taken as the larger of ACI Code Equations 9.1 and 9.2 with the load
factor for snow taken as 1.7 and ¢ = 0.9.
Live Load Reduction Factors from ANSI A58.1-1972 Sections 3.5.1 and 3.5.2 for tributary

area of 400 ft2 (37 mz).

Case LLRF | R/R Vo Lo | Sn | ¥n B
Dn Dn Dn
Cast-in-Place Post-tensioned Yes 1.02 | 0.061 1.00§ - - 3.05
Very Low ¢
Cast-in~Place Post-tensioned - 1.05 | 0.083 0 - - 3.40
Low p Yes 0.50% -~ - 3.47
Yes 1.00{ - - 3.04
No 1.00} - - 3.98
Yes 1.50 - - 2.81
No 1.50) - - 3.82
Cast-in-Place Post-tensioned Yes 1.03 0.111 1.00| - - 2.68
High p
Cast-in-Place Post-tensioned Yes | 1.05 | 0.144 2.40
Very High p ' '
Plant Precast, pre-tensioned Yes | 1.06 | 0.057 1.00] - - 3.72
Very Low p
Plant Precast, Pre-tensioned Yes 1.05 0.061 0 - - 3.77
Low p Yes 0.5 - - 4,064
Yes 1.0 | - - 3.60
Yes 1.5 | = - 3.27
Plant Precast, Pre-tensioned Yes | 1.06 | 0,083 1.0 | - - 3.39
High ¢
Plant Precast, Pre-tensioned Yes | 1.04 | 0.097 1.0 | - - 3.09
Very High p
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Table B.5

Values of B for Columns

Factored loads taken as larger of ACI Code Equations 9.1 and 9.2 and ¢ = 0.7 or 0.75

for compressive failures and 0.7 or 0.9 for tension failures. Live load reduction factors

2
from ANSI A58.1-1972 Sections 3.5.1 and 3.5.2.(100 £e2 = 9.3 m")

Case t/h f' 1A (ft2 R/R v ¢ Lo |[Wn ]
c I ) n R N | Tn

Compression Short 3 4800 1.05 | 0.16{ 0.7 |O - 2,98
Failures, Tied 0.5 - 3.07
Columns 1.0} ~ 3.41
Short 5 4800 0.95 { 0.1410.7 |0 - 2.97
0.51~- 3.09
1.0 |- 3.49
20 5 4800 1.10 | 0.17 0.7 |0.5 |~ 3.04
Short 3 4800 1.05 0.16 | 0.7 {0.5]0.5] 2.74
Short 5 4800 0.95 0.14 1 0.7 0.5 {0.5] 2.69
Tension failures, Short |3 - 5 1600 1.05 0.12]10.7 |O = 3.85
Tied Columns 0.9 |0 - 2.62
Short |3 - 5 1600 1.05 0.12 0.7 |0.5 |- 4,25
. 0.9 ]0.5 |- 3.11
0.7 {1.0 | - 4,23
0.9 {1.0 |- 3.17
0.7 {0.5 1.0 3.40
0.9 10.511.0§ 2.43
0.7 10.5 |5.0] 2.76
0.9 10.515.0}2.02
Compression Short 3 4800 1.05 0.16 | 0.75(0 - 2.75
failures, Spiral 0.5 |- 2.85
Columns 1.0 |~ 2.99
Short 5 4800 0.95 | 0.14 [ 0.75{0 - |- 2.69
0.5 1]~ 2.81
1.0 |- 3.24

Table B.6

Values of B for Shear

Factored loads taken as greater of ACI Code Equations 9.1 and 9.2 and $ = 0.85. Live
load reduction factors from ANSI A58.1-1972 Section 3.5.1. Tributary area = 400 sq. ft.

Concrete strength 4 ksi, stirrup strength 40 ksi. (100 £t? = 9.3 mz; 1 ksi = 6.89 N/mmz)

Case o f R/R \Y Lo Wn g
vy n o ey
No stirrups, ¢ = 0.85/2 0 0.93 {0.21 0 - 3.09
Minimum stirrups, ¢ = 0.85 50 1.00 0.19 0 - 1.85
0.5} - 1.99
1.0 - 2.01
0.5} 0,51 1.97
Two times minimum stirrups, ¢ = 0.85 100 1.07 {0.17 0 - 2.24
0.5} - 2.39
1.0 - 2.39
0.51 0.5 2.32
Three times minimum stirrups, ¢ = 0.85 | 150 1.09 |{0.17 0 - 2,31
0.5 - 2.45
1.0 | - 2,45
0.5 41 0.5 ] 2.38
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only. In this case the influence area was taken as 1600 ft2 (149 mz). For tension fallures
the ¢ factor will fall between 0.7 and 0.9. Separate calculations have been carried out
for each of these values. Values of B are also given in Table B.5 for spiral columms.
For these cases the values of i/Rn and VR were taken equal to those for tied columns but ¢
was set equal to 0.75.
B.4.3 Shear

Table B.6 gives values of R for shear in beams with and without stirrups. The value
given for beams without stirrups was computed using ¢ = 0.85/2 since ACI Code: Sectiom 11.5.5,
requires stirrups if Vu exceeds 0.5 ¢ Vc'

B.5 Variability of Dead Load of Concrete Structures

A survey of literature indicated concrete densities ranging from 137 to 149 pcf for
3/4 inch aggregate concrete and from 141 to 155 pef for 1 1/2 inch aggregate concrete.
Because insufficient data was available to calculate a meaningful mean and standard deviation
the mean density was computed as (137 + 155)/2 or 146 pcf. This was rounded off to the
accepted value of 145 pef. Similarly the standard deviation was computed as (155 - 137)/4
which gave a coefficient of variation of 3%.

Based on the dimensional variations reported in Ref. B.3 and the variability of the
density, the ratio of mean to nominal dead load and its coefficient of variation were
computed as 1.00 and 0.08 for a 6 inch slab, 1.00 and 0.07 for a slab and beam floor, and
1.04 and 0.04 for an 18 inch square column. For a beam, slab and column structure the
values were 1.00 and 0.06. The average weight per square foot was 100 psf.

The dead load of a building includes both the self weight of the structure and superimposed
dead loads. As an extreme case,‘the superimposed dead load was arbitrarily assumed to
have 4 nominal value of 40 psf with a mean E/Dn = 1.10 and the high coefficient of variation
of 0.15. Using these values the variability of the total dead load can be computed to

have ByDn = 1.03 and V_ = 0.059. To this must be added the variabilities in the analysis

D
factor ¢ and the load model B. If each of these is assumed to have a mean 1.0 and V =

0.05, the overall variability of dead load is found to be

D/Dn = 1.03 and VD = 0.093.
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APPENDIX C - DATA FOR METAL MEMBERS AND COMPONENTS

C.1 Introduction

This appendix will present basic data on metal members and components for use in developin;
probability-based common load factors for metal, concrete (reinforced and prestressed), timber
and masonry structures. The kind of data presented here will consist of expressions for .
the analytical model used in the desién equations and the mean value and the coefficient
of variation of the resistance. For metal structures the resistance can usually be expressed
by the simple relationship

R =R (PMF) (c.1)
where Rn is the nominal resistance based on the analytical model accepted by the structufal
engineering profession for the design of the particular element under consideration for
minimum specified material properties and '"Handbook" sectional propertiés. R, P, M, and
F are random parameters denoting the resistance (R), the accuracy of the model ('"professional’
factor, P), the material properties (M) and the sectional properties ("fabrication" factor,
F). The parameters P, M and F are typically ratios of actual-to-nomimal values. The
statistical properties of interest are the mean resistance:
§=RnF§'f (c.2)

where the property with a bar defines the mean, and the coefficient of variation (C.0.V.),

which is defined by

N 2 2
vR = VP +VM+VF (C.3)

C.2 Sources of Data for Metal Structural Elements

The data used herein were specifically produced for projects which had as their aim
the development of Load and Resistance Factor Design criteria for three different kinds
of metal structures:

1. Steel structures produced from hot-rolled shapes, plates or bars*.

2, Steel structures produced from cold-formed members**.

k%
3. Aluminum structures .

*The design of these structures is governed by the-'"Specification for the Design, Fabrication
and Erection of Structural Steel for Buildings', American Institute of Steel Construction.
Research for developing the data was sponsored by the American Iron and Steel Institute
(AISI) at Washington University in St. Louis (1970-1975).

**The design of these structures is governed by the "Specification for the Design of Cold-
Formed Steel Structural Members', American Iron and Steel Institute. Research was sponsored
by AISI at the University of Missouri at Rolla and at Washington University (1976-1979).

***The design of these structures is governed by the "Specifications for Aluminum Structures,"

The Aluminum Association. Research was sponsored by the Aluminum Association at Washington
University (1978-1980). 147



The data was developed by evaluating information obtained from manufacturers, from
catalogs and Handbooks, and from original research publications. The information is presented
in part in the open technical literature and in part in research reporﬁs. The following
sections of this Appendix present a summary of the data used in the study to develop load
factors for the ANSI-A58 Standard. Obviously it was not bossible to use all of the available
data. Only representative groupings of data are used to obtain background for the load-factor
work., The remainder of the information is, of course, very relevant to the specification
writing bodies of the individual material groups as they develop the various ¢-factors.

These data are given in great detail in the original references.

C.3 Steel Structures Produced From Hot-Rolled Elements

The resistance statistics for hot-rolled elements are published in Refs. C.1 through
C.9 and in Ref. C.1l1l. For steel structures it was found that the Handbook sectional
properties were equal to the mean values, with a C.0.V, of 0.05, and thus,

F = 1.00 and Vg = 0.05
is used throughout, except for fillet welds for which VF = 0.15 was used to reflect the
variability of the weld throat area.

The material property statistics are summarized in Table C.1. It should be noted that
the yield stress values were all adjusted for the static level of loading, recognizing
that most loads on structures are static loads. However, for load combinations involving
wind it was assumed that the strength given by M in Table C.1 is multiplied by 1.1 to
account for the rate of loading, as explained in more detail in the main part of the
report.

Table C.2 lists the modeling statistics as obtained from the literature for tension
members, beams, connectors, plate girders, composite beams and beam~columns. No variability
was assumed for tension members since the model is the same as the tension coupon (the
variability is all in the material and the cross sectlonal properties, M and F). No
modeling error was assumed for connectors. Underlying this assumption is the inherent
ductility of the connection and the validity of the Lower Bound Theorem of Plasticity.

For the other members the analytical model is the ultimate strength of the element or

the member. For compact simple beams this is the plastic moment, for continuous beams it

is the plastic mechanism, for laterally unsupported beams it is the elastic or the inelastic
buckling load, and for compact composite beams it is the plastic capacity of the composite

148



Table C.1

Material Property Statistics for Hot-Rolled Steel Elements

Property Ref. Mean M VM
Static Yield Stress, Flanges c8 1.05 Fy 1.05 0.10
Static Yield Stress, Webs c8 1.10 Fy 1.10 0.11
Moduli of Elasticity c8 E or G 1.00 0.06
Static Yield Stress in Shear Cc8 1.11 Fy//§ 1.11 0.10
Poisson's Ratio c8 0.3 1.00 0.03
Tensile Strength of Steel c9 1.10 Fu 1.10 0.11
Tensile Strength of Weld, cu/FEXX cé 1.05 FEXX 1.05 0.04
Shear Stress of Weld, Tu/cu c6 0.84 9, 0.84 0.10
Tensile Strength of HSS Bolts, A325 Ccé 1.20 Fu 1.20 0.07
Tensile Strength of HSS Bolts, A490 cé 1.07 Fu 1.07 0.02
Shear Strength of HSS Bolts, cé 0.625 cu 0.625 0.05
Fy : Specified yield stress

Fu : Specified tensile strength

ou : Tensile strength

T ¢ Shear strength

FExx : Specified tensile strength of weld metal
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Table C.2

Modeling Statistics for Hot-Rolled Steel Elements

Type Element Model Ref. ? VP
Tension Members AF and A F c9 1.00 0
n'y nu
Compact W-Beams
uniform moment Mp Cc2 1.02 0.06
continuous Mechanism C2 1.06 | 0.07
Elastic W-beams, LTB S F C2 1.03 0.09
¥ cr
Inelastic W-beams, LTB Straight line c2 1.06 | 0.09
transition
Connectors (Welds, HSS Bolts) - cé 1.00 | O
Beam—-Columns Interaction Equations c3 1.02 0.10
Plate Girders in Flexure Mu C4 1.03 0.05
Plate Girders in Shear Vu C4 1.03 0.11
Compact Composite Beams Mu ’ Cc5 0.99 | 0.08

A : Net area

n
Mp : Plastic moment

Sx ¢ Elastic section modulus
F : Critical stress

cr
Mu ¢ Ultimate moment capacity
Vu : Ultimate shear capacity

LTB : Lateral-torsional buckling
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section. The ultimate strength of plate girders is based on the Basler theory, and for
beam-columns it is defined by the SSRC interaction equation [Ref. €.10]. The ratio P is
thus the mean ratio of test-to-prediction.

Table C.3 summarizes the Information on steel members, giving the mean resistance ratio

ﬁ/Rn and the corresponding C.0.V., V For high-strength steel bolts in shear the effect

R
of joint length is included. This effect was not included in Ref. C.6, but it is included
here as a result of the realization that the AISC Specification allowable stresses are
based on a 50 in long connection [C.12].

Table C.4 presents the resistance statistics for centrally loaded pinned-end columns.
These statistics apply for steel columns of SSRC Column Curve 2 [C.10] which represents
a subset of the steel compression members used in practice. It should be pointed out
that in the development of the ¢-factors the SSRC column curves 1 and 3 must also be

analyzed. The mean column strength o as given in column 2 of Table C.4 [from Ref.

r/Fys
C.11] is approximated by SSRC Column Curve 2 by the relationships
1.0 for A < 0.15
GoplTyg = | 1-035 = 0.202 % - 0.222 3% for 0.15 < A £ 0.10  (C.&)
-0.111 + 0.636/% + 0.087/3% for 1.0 < A < 2.0

where ¢ _ is the critical stress, P__/A
cr cr

P is the critical load

er
Fys is the static yield stress
and
KL 1 F"s :
= = £ JE
A=y E (€.

In Eq. C.5, KL/r is the governing effective slenderness ratio and E is the modulus of
elasticity.
The mean resistance of the column is thus

R = Ucr/Fys PMF - (C.6)

C.4 Steel Structures Produced From Cold Formed Elements

The resistance statistics given in Table C.5 were taken from unpublished research
reports issued by the Civil Engineering Department of the University of Missouri at Rolla
in January 1979 and authored by W.~-W. Yu, T.V. Galambos and T.-N. Rang. The nﬁminal
resistance in each case 1s the allowable resistance according to the 1968 AISI Specification

for cold-formed structures times the factor of safety. The factor of safety is equal to
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Resistance Statistics for Hot-Rolled Steel Elements

Table C.3

Type Element P Vp I Yy F V% ﬁ&/Rn v,
Tension member, yield 1.00 0 1.05 0.10 1.00 0.05 1.05 0.1
Tension member, ultimate 1.00 0 1.10 0.10 1.00 0.05 1.10 0.1
Compact beam, uniform moment 1.02 0.06 1.05 0.10 1.00 0.05 1.07 0.1
Compact beam, continuous 1.06 0.07 1.05 0.10 1.00 0.05 1.11 0.1
Elastic beam, LTB 1.03 0.09 1.00 0.06 1.00 0.05 1.03 0.]
Inelastic beam, LTB 1.06 0.09 1.05 0.10 1.00 0.05 1.11 0.:
Beam~Columns 1.02 0.10 1.05 0.10 1.00 0.05 1.07 0..
Plate-girders in flexure 1.03 0.05 1.05 O.iO 1.00 0.05 1.08 0.:
Plate-girders in shear 1.03 0.11 1.11 0.10 1.00 0.05 1.14 0.
Compact compos;te beams 0.99 0.08 1.05 0.10 1.00 - 0.05 1.04 0.
Fillet welds 1.00 0 0.88* O.ll** 1.00 0.05 0.88 0.
ASS bolts in tension, A325 1.00 0 1.20 0.07 1,00 0.05 1.20 0.
ASS bolts in tension, A490 1.00 0 1.07 0.02 1.00 0.05 1.07 0.
HSS bolts in shear, A325 0.79% o 0.75% 0.09™ | 1.00 0.05 0.60 | o0.
HSS bolts in shear, A490 0.783) 0 0.67* 0.05* 1.00 0.05 0.52 0.
a) effect of joint length included. For A325 bolts this is 1/1.26 = 0.79 and for A490 bo

is 1/1.28 = 0.78 (Ref. C.12)

% 1.05 x 0.84
o V0.042 + 0.10°
+  1.20 x 0.625
++ V0.07% + 0.05%

x 1.07 x 0.625

xx V0.02% + 0.052

See Table C.1
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Table C.4

Resistance Statistics for Hot-Rolled Steel Columns

A ﬁ?%s Veheory 7 v, M Vy T Vo PMT Ve
Theory

0.3 0.936 0.02 1.03 0.05 | 1.05  0.05 .00 0.05 1.08 0.12
0.5 0.849 0.04 1.03 0.05 | 1.05  0.05 .00 0.05 1.08 0.13
0.7 0.749 0.06 1.03 0.05 [ 1.05  0.05 .00 0.05 1.08 0.14
0.9 0.646 0.08 1.03 0.05 | 1.05  0.05 .00 0.05 1.08 0.15
1.1 0.539 0.08 1.03 0.05 | 1.05  0.05 .00  0.05 1.08 0.15
1.3 0.439 0.07 1.03 0.05 { 1.05  0.05 .00 0.05 1.08 0.14
1.5 0.355 0.06 1.03 0.05 | 1.05  0.05 .06 0.05 1.08 0.14
1.7 0.290 0.06 1.03 0.05 | 1.05  0.05 .00  0.05 1.08 0.14
1.9 0.239 0.05 1.03 0.05 { 1.05  0.05 .00 0.05 1.08 0.13
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Table C.5

Resistance Statistics for Cold-Formed Steel Members

TypelMember R, _f{-/Rn Vi
1. Tension Member An Fy 1.10 0.11
2, Braced Beams in Flexure, Flanges Stiffened Seff Fy 1.17 0.17
3. Braced Beams in Flexure, Flanges Unstiffened Seff Fy 1.60 0.28
4, Laterally Unbraced Beams Sx Fcr 1.15 0.17
5. Columns, Flexural Buckling, Elastic szI/LZ 0.97 0.09
6. Columns, Flexural Buckling, Inelastic, compact * 1.20 0.13
7. Columns, Flexural Buckling, Inelastic, stiffened R% - 1.07 0.20
8. Columns, Flexural Buckling, Inelastic, unstiffened *% 1.68 0.26
9. Columns, Flexural Buckling, Inelastic, cold work dedek 1.1 0.14

10. Columns, Torsional-Flexural Buckling, Elastic + 1.11 0.13

11. Columns, Torsional-Flexural Buckling, Inelastic ++ 1.32 0.18

An = Net section

Seff = Effective elastic section modulus

FCr = Lateral-torsional buckling étreés from AISI Specification

Sx = Elastic Section Modulus

I = Moment of inertia; Q = from factor

* AR Q- Aayy A= W/ yE,/E

*% AFyQ(l -3%/4); A= (L/D)(A/T) §QFJE

-2
hkk - . ;
‘ AFya(l AT/4Y; = (L/T)(1/7) Y Q Fya/E
+ Elastic critical load from AISI Specification

+t Inelastic critical load from AISI Specification
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5/3 for lines 1, 2, 3 and 4 in Table C.5, it is equal to 23/12 for lines 5, 7, 8, 10 and
11, and is equal to

7.5. = 5/3 + (\/8VE) (3 - A1) .7
for lines 6 and 9. |

C.5 Aluminum Structures

The resistance statistics in Table C.6 were taken from an unpublished research report
issued by the Civil Engineering Department of Washington University in St. Louis, Mo., in
May 1979, authored by T.V. Galambos. The nominal resistance in each entry is the allowable
resistance according to the Specifications of the Aluminum Association, multiplied by
the indicated factor of safety.

C.6 Calibration to Existing Codes for Metal Structures

C.6.1 General Definitions

Calibration is performed by using the method described in Chapter 2 of this report.
The calibration process determines a reliébility index B, given the mean and the coefficient
of variation of a member designed according>to a current code and the applicable statistical
information concerning the loads. The theory and the methodology of the operation is
given in the body of this report; here only the specific details as they relate to the
metal structures are explained.
The mean resistance is
R= (R/R) R (c.8)
where R.n is the nominal resistance determined according to accepted theéretical models
which may, or may not, also be the same model which is used in the existing structural
specification. E/Rn is the information tabulated in Tables C.3 through C.6. Rn is defined
by
Rn = (r) (FS) RC ) (c.9)
where r = 1 if the nominal and the c?de resistance are based on the same analytical model,

and

R
n

r = (FS) Rns _ (C.10)
if they are not. In Eq. C.9, FS 1is the code-specified factor of safety or load factor,
and Rnc is the code specified resistance. Combining Eqs. C.9 and C.8, we obtain

(C.11)

’

R = (R/Rn) r (FS) Rnc
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Table C.6

Resistance Statistics for Aluminum Structures

Type Member F.S. ﬁ]Rn VR
1. Tension members, limit state yield 1.65 1.10 0.08
2. Tension members, limit state ultimate 1.95 1.10 0.08
3. Beams, limit state yield 1.65 | 1.10 0.08
4, Beams, limit state lateral buckling 1.65 | 1.03 0.13
5. Beams, limit state inelastic local buckling 1.65 | 1.00 0.09
6. Colﬁmns, limit state yield 1.82 1.10 0.08
7. Columns, limit state local buckling 1.95 | 1.0 0.09
8. Columns, limit state overall buckling, X =1 1.95 | 0.92 0.14
9. Columns, limit state overall buckling, A = 1.6 1.95 {1 0.87 0.13

10. Columns, limit state overall buckling, A=2.0 1.95 | 0.91 0.14

A= (L/)(1/m) Fy/E
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where

R =D 41 : (C.12)
nc n n

RnC = (Dn + Ln + wn)(3/4) (C.13)
R =D +58 : , (C.14)

depending on the particular load combination used. Subscripts n define the nominal, code

specified, load effects (moments, shears, axial forces, etc.), and

D = dead load

L.= load due to occupancy

S = snow load

W = wind load (or, alternately, earthquake load)

The 3/4 factor in‘Eq. C.13 signifies the allowable increase of one-third for wind or
earthquake loads wﬁich is permitted by each of the three codeé under consideration here.

The nominal live load effect Ln includes the live load reduction factor as per ANSI Standard
A.58.1-1972.

C.6.2 Disrussion of the Results Presented in Table C.7

Tables C.7.1 through C.7.8 present the reliability index values (st) which were
computed for the data given in Tables C.3 through C.6. The combination and ranges of loads
used in computing B's were chosen to cover a broad range including typical values encountered
in metal structures. The purpose of calculating the B's was to arrive at an overview of
what values of the reliability index underlie present design practice so as to aid in the
selection of target B's. Following is a brief list of observations from this exercise.

1) There is a considerable spread of B's for the various applications of metal structures,
varying from a low of B = 1,1 (Table C.7.2, W-D) to a high of 8 = 7.0 (Table C.7.8). One
of the purposes of choosing one (or several, as it will appear later) target B's is to
reduce this spread in reliability.

2) It.is evident from all of the Tables C.7 that R falls off as the ratios Lo/Dn’

Sn/Dn or Wn/Dn increase. This is to be expected because (a) the C.0.V.'s of the live,

snow, and wind loads are all greater than the C.0.V. of the dead loads, and (b) all three of
the metal codes considered here have only one factor of safety or load factor for each load
combination set. Therefore B decreases as the dead load component of the total load

effect decreases. This is especially so for cold-formed steel and aluminum structures.
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Table C.7.1

Safety Indices for Current Design

a) Tension Members, AISC Specification Part 1. Section 1.5.1.1

Limit State: yield; Rm/Rn = 1.05; VR =0.11; r =1
F.S. = 5/3

Tributary area: 500 ft2 (46 mz)

Loading Lo/Dy Yo /Dy Sa/y Byteld Bultimate
D+1L 0.5 - - 3.2 4.6
1 - - 2.7 3.9
2 - - 2.5 3.4
3 - - 2.4 3.3
4 - - 2.4 3.2
5 - - 2.4 3.2
D+W - 1 - 1.8 2.8
- 3 - 1.7 2.4
- 5 - 1.6 2.3
- 7 - 1.6 2.3
- 10 - 1.6 2.2
D+S - - 1 3.0 3.5
- - 2 2.8 3.3
- - 3 2.7 3.2
- - 4 2.6 3.1
- - 5 2.6 3.0

Limit State: Ultimate; Rm/Rn = 1.10; VR =0.11; r=1
F.S. = 2
2 2
Tributary Area: 500 ft° (46 m™)

* B was determined without strain-rate increase on the yield stress.
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Table C.7.2 Continued

a) Compact Simple Beams, Uniform Moment

AISC Specification Section 1.5.1.4.1

i/Rn =1.07; V_, = 0.13; r = 1; F.5. = 1.70

R
b) Continuous Beams, Plastic Design

AISC Specification Part 2

R/R =1.11; V, = 0.13; r = 1; F.S. = 1.70
m n

R
Loading | Tributary L /D w. /D s_/D 8
Area (o3 n n n n a
200 fc? 0.5 - - 3.0
(19 u’) 1 - - 2.6
1.5 - - 2.3
2 - - 2.2
3 - - 2.0
D+ L
1000 £t2 0.5 - - 3.1
(93 u) 1 - - 3.1
1.5 - - 3.1
2 - - 3.1
3 - - 3.1
D+s - - - 1 3.0
- - 2 2.8
- - 3 2.7
- - 4 2.7
- - 5 2.6
Ww-p" - - 1.2 - 1.1
- 1.5 - 1.2
- 2 - 1.4
- 3 - 1.5
- 5 - 1.5

* B was determined without strain-rate increase on the yield stress
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Table C.7.3 Continued

a) Compact Simple Beams, Uniform Moment

AISC Specification Part 2

E/Rn =1.07; V_ = 0.13; r = 1; L.F. = 1.30

R
Strain rate effect included: A; multiply iYRn by 1.10

Strain rate effect excluded: B

Loading LO/Dn wn/Dn BA BB Loading wn/Dn BA
D + Lapt + W 0.5 0.5 3.2 2.7 D+ W 0.5 2.5
1 2.8 2.4 1.0 2.3
1.5 2.5 2.2 1.5 2.2
2 2.4 2.1 2.0 2.1
3 2.2 - 2.5 2.1
1.0 0.5 3.6 3.2 3.0 2.0
1 3.1 2.8
1.5 2.8 2.5
2 2.6 2.3
3 2.4 -
1.5 0.5 3.8 3.3
1 3.4 3.0
1.5 3.1 2.7
2 2.8 2.5
3 2.6 -
D'+ L + wapt 0.5 0.5 3.9 3.4
1.0 5.2 4.7
1.0 0.5 3.1 2.7
1.0 4.0 3.6
1.5 4.8 4.4
1.5 0.5 2.7 2.3
1.0 3.4 3.0
1.5 4.0 3.7
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Table C.7.4 Continued

2
Centrally Loaded Columns AISC Specification Section 1.5.1.3 (1 ft2 = 0.093 m")

A A (E/Rn) r (FS) Ve | L/Dy B |L,/D, B L/D, B L/D B
2500 £t2 | 0.3 | 1.81 0.12| - - 1 3.3 - - -
0.5 | 1.76 0.13| - - 1 3.1 - - -
0.7 | 1.70 0.14| 0.5 2.6 | 1 2.8 | 1.5 2.9 | 2 2.9
0.9 | 1.64 0.15| - - 1 2.5 - - -
1.1 | 1.59 0.15| - - 1 2.3 | - - -
1.3 | 1.57 0.14| - - 1 2.3 |- - -
1.5 1.66 0.14 - - 1 2.6 - - -
1.7 | 1.74 0.141 - - 1 2.9 - - -
1.9 | 1.79 0.13| - - 1 3.2 - - -
1250 £ | 0.7 | 1.70 0.4 | 1 2.3 | - - - - -
AT' Py L, /D W /D 8" A Y Lo/D, W_/D 8"
2500 ££2 | 0.7 | 1 0.5 2.4 5000 £t2] 0.3 | 0.5 2 1.9
0.7 | 1 1 2.2 0.5 | o.5 2 1.8
0.7 | 1 1.5 2.0 0.7 | 0.5 2 1.6
0.7 | 1 2 1.9 0.9 | 0.5 2 1.5
0.3 | 0.5 2 1.9 1.1 ] 0.5 2 1.4
0.3 | 1 1 2.6 1.3 | 0.5 2 1.4
0.3 | 2 0.5 3.8 1.5 | 0.5 2 1.5
0.5 | 0.5 2 1.8 1.7 | 0.5 2 1.7
1 1 2.4 1.9 | o.s 2 1.9
2 0.5 3.5
0.5 0.5 2.1
1 1 2.4
1.5 1.5 2.5
2 2 2.5

*
B was determined without strain-rate increase on the yield stress.
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Table C.7.5 Continued

Cold Formed Steel Members, AISIT Speéification. r=1.0

. = *%k T x5
Item in R/R_ F.S. v, L /D B L /D B L /D, B
Table
c.5
1 1.10 5/3 0.11 5 2.5 8 2.4 10 2.4
2 1.17 5/3 0.17 5 2.4 8 2.4 10 2.3
3 1.60 5/3 0.28 5 2.8 8 2.7 10 2.7
4 1.15 5/3 0.17 5 2.4 8 2.3 10 2.3
5 0.97 23/12 0.09 5 2.77| 8 2.67] 10 2.5%
7 1.07 23/12 0.20 5 2.5+ 8 - 10 -
8 1.68 23/12 0.26 5 3.57| 8 - 10 -
10 1.11 23/12 0.13 5 3.07| 8 - 10 -
11 1.32 23/12 0.18 5 3.47| 8 - 10 -
. _mEQ
Determined from lognormal model, B =
2 2
vV, + V
R Q
*
Model for resistance is same as model used as basis for the specification
*k —
Based on the stipulation that L = L, where L_ is the code live load reduced due to

tributary area and L is the meall live load.
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Table C.7.6 Continued

Aluminum Members, Aluminum Association Specifications, r = l.O*
*% k%
Item in L_/D 8 L /D B L /D B
Table n’ n n' n n' “n
C.6
1 5 2.5 8 4 10 2.4
2 5 3.1 8 .0 10 3.0
3 5 2.5 8 N 10 2.4
4 5 2.1 8 .1 10 2.0
5 5 2.2% 8 A 10 2.0%
6 5 2.9 8 .8 10 2.8
7 5 2.8 8 .7 10 2.6
8 5 2.3% 8 .2 10 2.2%
9 5 2.1 8 .0 10 2.0
10 5 2.2 8 .2 10 2.1

+Determined from lognormal model

*
Model for resistance is same as model used

*k —
Based on the stipulation that Ln =1L
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Table C.7.7 Continued

Fillet welds, AISC Specification Section 1.5.3

R = 0.88 Ay Fpyx (Table C.3); R = 0.3 Ay Fooo i/Rn = 0.88/0.30 = 2.93;

VR = 0.18; Tributary Area: 500 ft2 (46 mz)

Ln / Dn Wn / Dn B
0 - 5.0
0.5 - 4.8
1 - 4.3
2 - 3.9
5 - 3.7

10 - 3.7
2 0.5 4.9
2 ) 1 4.6
2. 2 4.0
2 3 3.6
2 5 3.3
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Table C.8

Representative £'s, Current Design (1 ft2 = (0,093 m2)

Member or Element Code Lo/Dn Sn/Dn Wn/Dn B
Tension Member, Yield AISC 2 0 0 2.5
Tension Member, Ultimate AISC 2 0 o] 3.4
Compact Simple Beam, AT = 1000 f£2 AISC 2 0 0 3.1
Compact Simple Beam, AT = 1000 ft2 AISC [¢] 2 0 2.8
Compact Simple Beam, AT = 1000 ft2 AISC 0.5 0 2 2.4
Column, A_ = 2500 £t”, \ = 0.5 AaIsc | 1 0 0 3.1
Colum, A, = 2500 ft%, & = 0.7 Atsc | 1 0 0 2.8
Column, A_ = 2500 £t%, A = 0.7 AIsc | 1 0 1 2.2
C.F. Beams, Braced, Stiffened Flanges AISI 5 0 0 2.4
C.F. Columns, Stiffened Flanges ATISI 5 0 0 2.5
Aluminum Beams AA 5 0 0 2.5
Aluminum Columns AA 5 0 0 2.8
Fillet Welds AISC 2 0 0 3.9
A325 Bolts, Tension AISC 2 0 0 4.0
A325 Bolts, Shear ATSC 2 0 0 4.4
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- D+L+Wapt (Table C-7-3), Ay = 400 ft?
/ Lo/On = 1.0
- - |

/ D+Lapt + W (Table C-7-3), AT = 400 ft2 Lg/Dp = 1.0

y D+L, AT = 1000 ft? [Tabie c-7-3)
P T

—
= e 0+ (Table C-7-2]
”’,’7'/77- e - [

gy SN -
’77"”-’,.”’,_,””

b ! . 1 L L
0 1.0 2.0 3.0

Lo /Bp of Sp/Dp or Wy /Bp

Figure C.1 - Reliability Index for Tension Members (AISC Specifications)
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4 Limit state: Ultimate tensile stress
- — ——
3 =~ - —_ _ -

B T =

2 Limit state: Yield—/

1 —— p+L. AT = 500 ft2

-——D+§
0 ! I | 1 1
0 1 2 3 4 5

Lo/Dp or Sp/Dp

Figure C.2 - Reliability Index for Flexural Members (AISC Specifications)
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3) In the case of tension members the specifications require the satisfaction of
two limit states: yield and ultimate tensile strength. The reliability for these two
limit states is different, as can be seen by the following examples:

AISC Specification: By = 2.7, 8, = 3.9 (Table C.7.1, Lo/Dn = 1.0)

Aluminum Specification: B8, = 2.5, Bu = 3.1 (Table C.7.6, Lo/Dn = 5.0)

Y
Thus it is evident that a higher value of the target B shoyld be set for the ultimate
limit state (see also Fig. C.1).

4) Tributary area has an effect on B (see Fig. C.2) because of the differences
between the live load reduction models in ANSI Standard A58.1-1972 and the mean live load
intensity. The two curves in Fig. C.2 illustrate the expected extremes of this effect
(i.e., AT = 200 ft and 1000 ft2 (19 and 93 m2) where AT is the tributary area).

5) 1In the wind-load calibration in Table C.7.3 (steel beams) allowance was made
for the increased yield strength due to the rate of loading. It was assumed that for
steel structures the rate of straining under wind gusts is equal to the strain rate during
testing steel coupons in a testing machine. This increases M to 1.1 M [C.8]. The strain
rate effect increases B (compare BA and BB in Table C.7.3). For example, for LO/Dn =1
and Wn/Dn = 1, B changes from 2.8 to 3.1.

Two combinations involving wind must be considered: D + Lapt +Wand D+ L + wapt’

where Lapt is the abritrary-point-in-time live load (e.g., 12 psf for offices) and wapt
is the daily wind. The terms L and W signify maximum lifetime values. The interrelationship
between these two cases is shown in Fig. C.2.

6) Values of B for connectors are considerably higher than for members (see Tables
C.7.7 and C.7.8) and so a higher target B should be selected for connectors.

7) Typical representative 8's for a number of cases, presented as an aid to selecting
target B's, are given in Table C.8. From this sample it is evident that the selected
target B's of 3.0 for members under gravity loading and 2.5 for combined wind and gravity

loading is reasonable. Also, target values of B = 4 or 4.5 are indicated for connectors.
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APPENDIX D - MASONRY STRUCTURES

Introduction

Design criteria in the U.S. for engineered masonry construction have been developed
by the Brick Institute of America (BIA) (formerly the Structural Clay Products Institute)
[D.4] for the use of clay brick and by the National Concrete Masonry Association (NCMA)
[D.29] for solid and hollow concrete block. These, or similar criteria, presently used in
most parts of the U.S. rely on linear working stress design principles. Factors of safety
for unreinforced masonry construction traditionally have been quite large for static
vertical loads which cause primarily compression [D.27], values of 4.5 - 7 being common
[D.14, D.25, D.32]. The faétors of safety decrease when the load eccentricity and the
moment increase.

Strength design and the use of load criteria based on probabilistic limit states
design principles are relatively new concepts in the masonry area. This Appendix describes
the statistics and probability distributions (where possible) used to calculate reliabilities
of masonry structural components. Most of the available data are for unreinforced masonry
load bearing walls in compression plus bending. Since this is a prevalent design condition,
it appears reasonable to tie reliability based design to this limit state.

Current Design Practice for Brick Masonry

In the current BIA Standard for engineered brick masonry [D.4], allowable vertical
' %
loads on nonreinforced walls are computed from
= 1
Pn Ce Cs (0.20 fm) Ag (p.1)
when e/t < 1/3, in which
e = vertical eccentricity, M/P;

h, t = height, thickness of wall;

Ce = eccentricity coefficient, which depends on e/t and el/ez;
CS = glenderness coefficient, which depends on h/t and e1/e2;
Ag = gross cross sectional area;

fé = compressive strength from prism tests (28 day strength) or brick tests;

e and e, = ,respectively, the smaller and larger virtual eccentricities at lateral
supports.

*
In the context of present masonry design specifications, a wall is defined as a vertical
member whose width is at least three times its thickness.
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The BIA standard specifies that fé be determined on the basis of the average of 5 prisms in
which h/t = 5 or greater. el/e2 is positive when the member is bent in single curvature
and negative when in double curvature, and thus reflects the end conditions and type of
bending. The slenderness for walls is limited to h/t < 10(3 -~ el/ez). This study will
focus on walls in which e/t < 1/3.

The requirements for nonreinforced brick masonry columns are very much the same; the
allowable compressive axial stress is 0.16 f; rather than 0.2 fA (Equation D.1) and the
slenderness is limited to h/t > 5(4 - el/ei).

Current Design Practice for Concrete Masonry

The NCMA standard [D.29] requires that nonreinforced concrete masonry walls subject

to eccentric load be proportioned so that

fa fb
_F_+F_ il'o (D.Za)
a b

in which fa’ fb = computed axial and flexural compressive stresses according to linear

stress distribution theory and

LS

F
a

0.30 f; = allowable flexural compressive stress; (D.2b)

0.2 f; 1 - (h/40t)3] = allowable axial stress. (D.2c)
The bracketed term in equation D.2c is a slenderness factor and serves much the same
purpose as CS in equation D.1. Slenderness h/t is limited to 20 or less. The maximum
virtual eccentricity is limited to one-third the thickness in solid units and to the value
which produces temsion in hollow units.

The requirements for columns are similar; the allowable compressive stress is
0.18 £ [1 - (h/30t)°] in Eq. D.2c.

Data Analysis - General Observations

Available masonry data falls into essentially three categories; unit (brick or concrete
block) and mortar strength, masonry prism (small assemBlages of masonry) strength, and
structural element strength. Strength properties of the constituents are not directly
helpful in determining means and variabilities to be used in reliaBility based design
because of the composite nature qf masonry. Although there is a correlation between unit
strength and full size element strength (e.g., Ref. D.28), the elemenﬁ strength is substantial
higher than wouid be predicted on the basis of the strengfh of the mortar. While data on
prisms are somewhat more useful, full size structural elements usualiy behave more uniformly
than prisms and wallettes [D.15] and are less affected by small variations in workmanship

and materials.
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In the absence of a definitive model to relate the strength of masonry walls to
strengths of their constituents, the approach taken here is to determine the statistical
data for the reliability analysis on the basis of test data on full siée walls. These
data, referred to vertical load-carrying capacity P, or stress £ = P/A, are presented in
the following paragraphs.

Test Data on Brick Masonry Walls in Compression and Bending

Chapter 5 of Ref. D.25 summarizes.the results of numerous tests conducted by the
Structural Clay Products Institute to determine strength of single wythe walls in compression
plus bending. Parameters varied included wall slenderness, eccentricity of load and end
restraint. ‘All specimens were built with Type S mortar and inspected workmanship. Bricks
had compressive strengths which ranged from 10,000 to 13,5000 psi (69-93 N/mmz). As with
most other masonry testing programs, there are seldom more than 5 replicates of any one
configuration.

Some of the test data where there were sufficient replicates to obtain meaningful
estimates are summarized in Table D.l1. In some instances, it was necessary to group test
data together because of the small number of replicates; for example, for‘the designation
h/t = 23, the actual h/t was between 21.9 and 24.1; the variability attributable to this
grouping is incomnsequential.

In attempt to obtain a larger data sample, P/Pn was plotted as a function of h/t for
eft = 0, 1/6, and 1/3, as shown in Figures D.l, D.2 and D.3., Regression analysis of these
data revealed that ?YPn depends on slenderness and eccentricity. The scatter in the data
appears nearly constant with respect to h/t. Parameter elle2 was not included as a factor
in the regression. Examination of the data revealed no significant dependence on el/ez;
moreover, elle2 is not well controlled in the field, due to the randomness in applied
loads, and as a result may contribute to the variability in strength in situ. 1In all
cases, the standard errors were quite close: 753, 730 and 656 psi, (5.2, 5.0 and 4.5
N/mmz), respectively, for e/t = 0, 1/6 and 1/3. The implied coefficients of variation in
story height wall strength (h/t = 12) are 0.14, 0.12, and 0.12, respectively. These are
very close to the values reported in Table D.l1 for samples of smaller size but in which
the walls were (nearly) replicates.

Probability distributions for the load carryiqg capacity were investigated using the
data in Table D.1 from Ref. D.25 in which h/t > 10. Probability plots of P/Pn and n

P/Pn revealed that the lognormal and Weibull distribution each were best in three cases
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Table D.1

Brick Masonry Walls in Compression Plus Bending

Source Description of Wall n ?/P: c.0.v.
h/t = 20.5, e2/t = 1/3, el/e2 = -1 12 | 4.94 0.073
h/t = 23, 92/t =0, el/e2 =0 12 | 6.93 0.10
h/t = 23, e2/t =1/6, el/e2 =0 12 | 6.96 0.12
h/t < 7, e2/t =1/6, el/e2 =1 9 | 6.21 0.10
Ref. D.25 -
h/t < 7, ez/t =1/3, el/e2 =1 9 | 5.87 0.14
h/t = 22, e2/t = 1/6, el/e2 = =1/2 6 | 6.92 0.15
h/t = 10, el/e2 = -1 10 | 4.60 0.11
h/t = 21, elle2 = -1 16 | 6.27 0.10
h/t = 26, el/e2 = -1 15 | 6.02 0.16
Ref. D.24{h/t = 20, e/t = 0 15 | 9.88 0.12
h/t = 20, e/t = 1/6 14 | »>9 0.13
2 ft by 8 ft-4in brick - Pure 2 | 5.78 -
compression
Ref. D.33|2 ft by 8 ft=4in brick - Pure 2 7.54 -
compression
2 ft by 8 ft-4in brick - Pure 2 8.00 -
compression
2 ft by 8 ft-4in brick - Pure 2 6.58 -
compression
Ref. D.1232" x 96" x 4" - Fixed ends 2 | 7.40 -
Ref. D.28|Story height, pure compression 47 7.34 0.15
Story height, Axial load, Type M, 37 3.18 0.11
9" wall
Story height, Axial load, Type M 15 6.23 0.17
Ref. D.2 |Story height, Axial load, Type N 15 6.58 0.19
Story height, e/t = 1/8, Type M 15 | 4.34 0.18
Story height, e/t = 1/8, Type N 15 | 4.24 0.19
Ref. D.8 |Story height, axial load, Type N 14 8.17 0.22

*
Pﬂ computed in accordance with BIA requirements. Ref. 4.

1 f+t = 0.,3048
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and the normal distribution was best in one case. However, the Weibull distribution was
also worst in four of the seven cases. Accordingly, the probability distribution for
brick masonry wall strength in compression and bending may be assumed to have a lognormal
distribution.

Masonry research conducted at the National Bureau of Standards (NBS) provided additional
data on the strength of masonry walls. In one program [D.33] a number of walls 8 ft (2.4
m) in height were tested. All were unreinforced and were constructed using techniques
representative of good workmanship. The walls were loaded in compression only, flexure
only, or a combination of compression and flexure. Only in the cases of pure bending and
pure compression were replicates tested. Walls were pinned at the top and partially
restrained at the bottom. Additional brickwalls were tested in various combinations of
compression and flexure in a subsequent program [D.12]. Specimens were tested with both
pinned and flat end conditions but unfortunately all of the pinned ended walls exceeded
the BIA slenderness limitations [D.4]. Some of the test data from the NBS test progréms
are presented in Table D.1.

Numerous large masonry walls have been tested in research programs in the U.K. which,
when analyzed according to U.S5. standards [D.4, D.29],should_be indicative of masonry
performance in the U.S. In one program [D.25], a number of story height walls with
lengths 4-6 ft (1.2-1.8 m) and thicknesses 4-9Vin (102-229 mm) were loaded in pure compression.
In order to enlarge the data sample, a regression analysis of ultimate stress in the wall
upon unit strength was performed for solid and cored brick walls, as shown in Figure D.4.
Since one acceptable way of determining Pn is from the unit strength [D.4], the results
should be comparable to Figures D.1 - D.3. The standard error of regression was 268 psi
(1.9 N/mmz); the implied coefficient of variation in ultimate strength of a wall using
6000 psi units is 0.15. None of the walls failed in buckling, and it was concluded that
slenderness effects were negligible in walls of this height (h/t about 20). According to
the BIA standard{ the allowable stress in such walls using Type N mortar and inspected
workmanship (Table 2, Ref. D.4) would be 250 psi (2.2 N/mmz); thus, F/Pn = 7.34.

In a second program {D.2], a series of tests was conducted on story height brick
panels in pure compression and with eccentric axial load. Estimates of variability in
wall strength obtained from regression analysis of wall st;ength on brick cube strength
are given in Table D.1. In a third program [8], walls 100 in (2540 mm) in height by 36
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inches (914 mm) in length and 4.5 inches (114 mm) thick were loaded at a virtual eccentricity
of less than t/17; the results are presented in Table D.l.

Other scattered sources of data on the behavior of masonry walls tend to confirm the
results presented in Table D.1. In Macchi's [D.21] review of load factors implied by
various brick masonry design criteria in Europe, a histogram of 151 tests of piers and
walls in the U.K. was shown which implied a c.o.v. in load capacity of Vp = 0.22. Included
in this, however, are the effects of a multitude of slenderness ratios and eccentricities
which were not factored out, so this estimate serves as an upper bound.

Less data exist for masonry columns in compression than for walls. Some data on
concentrically loaded reinforced masonry columns from Ref. D.25 are shown in Figufe D.5.
All columns were about 12.5 inches (318 mm) square and varied in height. According to a
recent Monte Carlo study on reinforced concrete columns [D.9], variabiliﬁy in strength is
independent of reinforcement ratio p when p > 0.01. It was assumed that slenderness could

be neglected. For those 5 brick columns where p = 0.0067, F/Pn = 5.04 and VP = 0.19. TFor

the remaining 24 columns in which p > 0.01, fVPn 4.24 and Vp = 0.11. These varisbilities
are very similar to those for reinforced concrete compression members [D.9]. Additional
data on the strength of brickwork piers is provided by Brettle [D.3] whose study of strength
followed ACI ultimate strength principles quite closely. From 13 tests of eccentrically
loaded masonry piers, fan = 0,96, where Pn is derived from ultimate strength principles,

and VP = 0.11.

Test Data on Brick Masonry Walls in Flexure and Shear

The strength of prisms and walls loaded in fiexufe depends, in part, on the tensile
bond of the brickwork. Compared to compressive strength, the modulus of rupture (MOR) of
brick prisms and walls generally exhibits considerably higher wvariability and depends on
whether loading occurs parallel or perpendicular to the bed joints. Regression analysis
of wall flexural strength perpendicular to joints vs. prism strength of the data provided
in Ref. D.24 showed that Vr = 0.26 in single wythe masonry walls 48 in by 90 inches (1219
x.2286 mm) in size; for a prism strength of 4000 psi, f/fn = 3,89, Flexural tests of
walls spanning 7 1/2 ft (2.3 m) in a direction perpendicular to bed joints reported in’
Chapter 5 of Ref. [D.25] suggest that ?an = 3.64 and Vr = 0.20. Hendry [D.16] has suggested
that céefficients of variation for lateral resistance are of the order 0.20 in walls

relying primarily on tensile bond. Data on walls in flexure are summarized in Table D.2.
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Figure D.5 - Strength of Reinforced Brick Masonry Columns
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Table D.2

Brick Masonry Walls in Flexure

Source Description n ?/fn c.0.v.
Single wythe, Type S mortar, Inspected| 29 | 3.64 0.20

Ref. D.25 Multi wythe, Type S, Inspected 21 | 4.26 0.18
Multi wythe, Uninspected 6 6.25 0.25

Ref. D.24 Single wythe, Type S, Inspected 15 3.89 0.26

Variability in strength in shear and diagonal tension depends, in part, on the joint
properties and, as with flexure, is quite large. For example, Ref. [D.24] presents test
data on fifteen-4 ft square (1.2 m square) walls tested in diagonal tension. A regression
analysis of the ultimate shear stress vs. prism strength resulted in VS = 0.24 and f]fn =
4.38 for walls in which f; = 4000 psi (27.6 N/mmz).

Concrete Masonry in Compression and Bending

As with brick masonry, data on concrete masonry is available in terms of unit, prism
and structural component strength, the latter of which is of particular interest.

Tests were conducted at the National Bureau of Standards on 6~in (152 mm) reinforced
and 8-in (203 mm) unreinforced hollow core concrete masonry walls of varying heights (10 -
20 ft or 3.05 - 6.1 m) and load eccentricities [D.32]. . The walls were restrained at the
bottom and free to rotate at the top. The walls were built, cured, and tested in the
laboratory and are representative of excellent workmanship. Type S mortar was used in
their fabrication. Although the walls were tested at different age;, all data have been
lumped; as noted earlier, the wall strength is not solely dependent on the mortar strength.

Some of the test data are summarized in Table D.3. Interestingly, slenderness effects
were not apparent for the 8-inch (203 mm) unreinforced walls in which e/t =0 and, accord-
ingiy, the data for different wall heights have been lumped. The variability in capacity
does not appear to depend on either e/t or h/t in these tests. The allowable‘load Pn
decreases as h/t increases [D.29]; the ratio §7Pn shown in Table D.3 is computed for h =
10 ft (3.05 m).

Table 3.1 of Ref. D.11 summarizes tes£ data in a recent literature reviey on various
4 £t by 8 ft (1.2 by 2.4 m) unreinforced concrete masonry walls in compression; I’_/Pn from
an analysis of these test data is given in Table D.3 . Additional concrete masonry walls
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Table D.3

Concrete Masonry Walls in Compression Plus Bending

— %
Source Description n P/Pn c.0.v.
Ref. D.32|8in Unreinforced, Story height 12 | 4.28 0.17
6in Reinforced, Story height ) 9 5.62 0.13
Ref. D.12|6-in Unreinforced, h/t = 17 10 | 6.05 0.10
8-in hollow block 2 4,50 -
8-in solid block 1 4,28 -
Ref. D.1ll}4-in Block-Block cavity 2| 3.85 -
8~in Hollow block 2 4,81 -
8-in Hollow block 2 3.48 -
Ref. D.14|8-in block, 4 ft by 8 ft walls 7 6.4 -
200 mm hollow block, Story height, M 92 1 4.54 0.15
Ref. D.26{100 mm solid block, Story height, M 6 - 0.20
100 mm hollow block, Story height, M 9 - 0.15
All data - fA assumed as 3000 psi 38 | 4.25 0.17
* .
Pn = allowable computed in accordance with NCMA requirements (Ref. 29)

were tested in replicates of two under various vertical load eccentricities and transverse
load conditions [D.12]. Ten of the specimens tested in vertical compression satisfied
current NCMA design requirements which 1limit the virtual eccentricity in unreinforced
hollow unit walls to that which causes tension on the cross section. Table D.3 gives fVPn
and Vp.

The conservatism in the allowable vertical load for unreinforced masonry tends to
increase as h/t increases, as can be seen in Figure D.6. These data correspond to a
number of different eccentricities and end restraint conditions. A regression analysis of
§/Prl on h/t yielded a standard error of 0.96 and §7Pn = 4,9 for a story height wall; the
c.o0.v. would be 0.20.

Additional data generated in masonry research in the U.K. may also be indicative of
performance of masonry structures in the U.S. In one program [D.26]}, 38 wall panels 2.6 m
high and 1.8 m wide were tested. Slenderness was not considered to be a factor in the
tests. Data for replicate wall tests within the test series are presented in Table D.3.
In order to enlarge that data sample, a regression analysis of wall stremgth on companion

masonry couplet strength was performed. The results for the 38 tests were 2 /P

wall’ " couplet

= 0.82 and Vp = 0.17. The magnitude in the variability is very similar to that for lightly

reinforced concrete columns in pure compression [D.9].
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Very little data on strength of walls in flexure (zero axial load) are available
[(D.1, D.11]. As examples of what might be expected, two hollow block walls tested in
flexure [D.12] developed flexural ;ensile strength of 18 and 40 psi (0.12 and 0.28 N/mmz).
The allowable stress for Type S mortar is 23 psi (0.16 N/mmz) [D.29]}. In connection with
the strength Qf reinforced concrete masonry beams, it has been found that the ACI ultimate
stréngth equations are good predictors for strength. Based on 38 tests reported in Ref.
D.7, M /M = 1.14 and V_ = 0.16.

Analysis of Masonry Structure Reliability

The laboratory test data on full size structural members is insufficient, in itself,
for calculating the reliability of masonry structural elements in situ. While the data on
P/Pn presented in the previous sections incorporates variabilities from many of the same
sources which cause strength variability in situ, laboratory tests, with their carefully
controlled workmanship, curing conditions, etc., would tend to exhibit less variability in
performance. Alignment of walls, thicknesses of mortar joints and completeness of joints,

particularly in hollow core units, are simply more difficult to control in the field [D.7.

<

D.17].
Accordingly, the basic resistance variable to be used in the reliability analysis for

walls with low vertical load eccentricities (e/t < 1/6) and for flexure is defined as,

R = Plab T ( ) =7° "B (D.3)

Pfield/Plab lab

in which P is the capacity measured in the laboratoryv and B is a random variable to

lab

account for differences in fabrication and curing between the laboratory and field. The

mean and c.o.v. in R are

R = Plab B (D.4)
2 2.1/2
VR = [VP + VB] (D.5)
glab and VP have been presented in Tables D.1 ~ D.3 and Figures D.1 - D.6. In walls

loaded in compression plus bending, Vp is typically about 0.14 for brick masonry and 0.15
for concrete masonry. In pure flexure, ?;/fn = 3,6 and Vr % 0,21. B and VB are estimated
as follows, The basic masonry unit strengths are the same in the field as in the laboratory.
The strength of masonry walls in compression is not strongly affected by the quality of
the mortar [D.17]. The mean compressive prism strength may be used as a basis for design
[D.4, D.29]; tests at NBS indicate that this is a good predictor of the ultimate strength

of companion walls loaded in compression. On the other hand, it is clear that B and VB
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depend on whether or not the workmanship is inspected. In engineered masonry structures
in which quality control procedures set forth in the standards are followed, the element
performance may approach that observed in laboratory tests. However, when the work is
uninspected, the ultimate strength of walls tends to be about 60 percent of the strength
in inspected walls [D.17]. The effect of inspection becomes more important for large load
. eccentricities in which the mortar joints are subjected to tension.

Accordingly, it is assumed that B = 1.0 for inspected workmanship and B = 0.6 when
workmanship is uninspected. VB is determined by fabrication and curing conditions in the
field; this would include alignment, thickness of joints, the effect of partial joints,
and so forth, A study comparing stréngth of concrete in situ to standard cylinder strengtﬁ
indicated that VB = 0.11 for average cure and VB % 0.15 for poor cure [D.10]. These are a
reflection of the difference between field and lab placement and may be used, pending the
acquisition of data that would shed additional light on the problem.

Table D.4 summarizes the statistics used in the analyses of the reliability of unreinfor

masonry walls in compression and in bending. The c.d.f. of resistance is lognormal.

Table D.&

Statistics of Resistance of Masonry Walls in Compression and Bending

Type Brick Masonry Concrete Masonry

Compression Plus E/Rn Figs. D.1 - 2 Fig. D.6
Bending -~ inspected

v 0.18 0.19

R
Compression Plus i]Rn 0.6 x Inspected Value 0.6 x Inspected Value
Bending -~
Uninspected Vk 0.21 0.21
Pure Flexure "R/R 3.90 -
n

Inspected

VR 0.24 -

When the vertical load eccentricity becomes large (e/t in excess of 1/6), i]Rn and
VR referred to vertical load may not always be the best statistical parameters for character
resistance. Consideration of the thrust-moment interaction diagram describing masonry
wall strength shows that any reasonable loading path which could lead to a failure at
eccentricities in excess of, say, e/t = 1/6 would involve a largé increase in moment in
comparison with the increase in axial load. The reliability in compression plus bending

actually depends on the orientation of the (P, M) load vector with respect to the inter-.

action diagram which describes strength.
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For eccentricity ratios in excess of 1/6, the reliability analysis may be formulated
in terms of a limit state equation which describes the P,M interaction relationship rather
than the linear form.

The capacity of short masonry walls in compression aﬁd bending can be predicted
accurately using a strength analysis based on a linear distribution of stresses at failure,
provided that the compressive strength is afA , the factor a being the ratio of the compressive
strength when there is a strain gradient to the compressive strength under uniform compression
[D.12, D.33]. The factor a depends on the load eccentricity. The tensile strength of the
masonry wall may be ignored; this has a negligible effect [D.12, D.33] except when the
stress state in the wall approaches a state of pure flexure.

Accordingly, the limit state equations for a wall or column built with solid units
are,

af - (pt + 6M)/bt2 = 0; 0 < M/Pt < 1/6 (D.6a)

af, -2 B¢ -8 - 05 1/6 < wre < 173 : (D.6b)
in which afm = apparent flexural compressive strength of masonry in the presence of a
strain gradient; b,t = width, thickness of the element; P = axial thrust; parameter a is a
function of eft, increasing from unity at e/t = 0 to approximately 1.4 at e/t = 1/3; M =
moment. Slenderness effects may be accounted for by amplifying the moment as suggested
for reinforced concrete design [D.5]. However, tests conducted at the National Bureau of
Standards on unreinforced concrete masonry walls [D.33] indicate that the slenderness
effect (and moment amplification) can be neglectedehen h/t < 14; that is, the strength of
masonry walls of story height or less can be predicted from their short wall capacity.
Other test results [D.28, D.30] substantiate this observation. The extension of these
equatioﬁs to encompass hollow core units is relatively straightforward.

Reliability indices for brick and conérete masonry walls in various combinations of
compression and bending are shown in Figures D.7 through D.9. 1In Figs. D.7 and D.8, the
resistance and loads are assumed to be linearly related. The larger variability and
reduced mean associated with uninspected workmanship have a pronounced effect on B.
Reliabilities of brick and concrete masonry walls in compression:in which the eccentricity
in vertical load is small are similar. Reliabilities in pure bending are considerably
less than in compression.
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Figure D.9 illustrates B8 as a function of load eccentricity, computed according to

Eqs. D.6 rather than the linear formulation for g( ). Vf was assumed to be equal to Vp.
m

It is interesting to note that when e/t < 1/6 this analysis leads to a similar result as
the linear formulation. As the eccentricity increases past the point where tensile stresses
are induced on the section, B drops precipitously, to the point where at e/t = 1/3 it is
actually somewhat lower than the pure bending case. The decrease in safety margin with
increasing eccentricity has been remarked upon in previous studies [D.32]. 1In reliability
terms, it occurs because B is no longer measured radially from the design point as e/t
increases beyond about 1/6.

Figure D.10 1llustrates B for reinforced brick masonry columns in compression.
Separate'curves are presented for lightly reinforced and moderately reinforced columns.
The data-based variability (Figure D.4 and accompénying discussion) has been augmented by
VB = 0,11 for average quality control. The values of B appear to be of the same order of
magnitude as for unreinforced masonry walls in which the vertical load eccentricity is
small.
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APPENDIX E - GLUED-LAMINATED AND OTHER HEAVY TIMBER STRUCTURES

Introduction

Current standards by which timber structures are designed include the National Design
Standard for stress graded lumber [E.16] and the standard published by the American Institute
of Timber Construction [E.22] for glued-laminated (glulam) construction. Timber structural
systems currently are designed according to linear working stress design principles.
Adjustments in allowable stress aré permitted for certain load combinations. Numerous
recent studies have been directed toward placing timber engineering on a strength basis in
which the factors of safety will be derived probabilistically [E.3, E.10, E.17, E.21,
E.23, E.26]. It is the purpose of this Appendix to present those data which currently are
avallable to assist in establishing reliability benchmarks for timber design and in selecting
a load criterion for timber and other construction materials.

Understanding of the behavior of wood structures, particularly under sustained load
conditions, is rapidly evolving [E.5]. This analysis shows where information gaps exist
and indicates where additional work may be desirable.

Data Analysis « General Observations

Most timber structures in the US are of light frame construction and utilize dimension
lumber. Extensive test data on the in-grade strength of dimension lumber of various
species are available in the literature. These data show that, among other factors, the
strength of dimension lumber as received by the contractor depends on the grading procedure
and grade, the species and in some‘cases the geographical location in which it is growm,
its moisture content, the rate at which the load is applied and the duration of the load.
Testing in-grade insures that the effectsof all factors, except rate and duration of load,
are reflected in the determination of strength. Each of these factors contributes uncertaint:
to the prediction of engineering properties. However, the light frame structure is not
really designed in the same sense that a steel or reinforced concrete structure is designed.
Standard wall and floor systems generally do not rely on single member design. Thus,
statistics on the strength of individual pieces of dimension lumber are not an entirely
satisfactory basis for reliability analysis.

The analysis of reliabilicy of structural elements which utilize dimension lumber
repetitiously, such as shear walls, roof trusses and floor diaphragms, would have more

meaning. However, the only test data available which is suitable for the present analysis

194



are for floor systems with uniform and concentrated loads and floor diaphragms. In other
cases, such as racking of walls and compression plus bendiné in walls, there are limited
test data and in noicase are there sufficient replicates that estimates of coefficients of
variation or probability distributions can be made. Analytical models to describe the
performance of walls or floor systems in terms of the properties of their components are
beginning to be developed [E.4, E.20] which would enable the strength of structural
components to be predicted by Monte Carlo simulation.

Glulam and heavy timber structures = are of greater interest in reliability based
design work in the sense that they are engineered in a similar manner as steel and concrete
structures and may compete directly with steel and reinforced concrete as alternate structural
systems. Thus, in this case, comparative reliability estimates for the different construction
materials have some relevance. . (Another reason for focussing on glulam is the load duration
problem, discussed later.) . ’

The following sections summarize the strength data that are available for glulam and
heavy timber construction. Differences in species, fabrication and testing procedure
militate against the pooling of data, and statistics are presented for individual data
samples. The purpose here will be primarily to establish the range over which the mean
and variance in strength might be expected to vary. The strength data are all based on a
standard 5-minute load test. Load duration effects and their incorporation in the reliability
analysis are considered in a separate section.

Test Data on Glulam Members

Most of the available data for glulam members are derived from flexural tests of
simply supported beams. Since many glulam beams are designed to be simply supported in
p?actice, statistics obtained from tests of full scale beams in the laboratory (with
appropriate adjustment for load duration) should provide an excellent indication of behavior
in situ. The flexural strength is defined by the modulus of rupture Fr; the load-deflection
cu?ves are essentially linear and the failure mode is brittle.

The comprehensive testing program conducted by the Forest Products Laboratory (FPL)
[E.2, E.12-15] on beams with Douglas Fir and Southern Pine laminating stock is the primary
source of data‘on behavior of glulam beams., Test results are summarized in Table E.la.
Nominal design stresselen for glulam beams commonly are referred to a uniformly loaded.
beam with a depth of 12 in (305 mm) and a spén-ﬁo—depth ratio of 21:1, and all FPL data in

Table la are presented on this basis. It should be noted that the tension laminating
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(a)

Table E.1

Test Data on Glulam Beams

Data based on 12" depth, 21:1 span: depth, uniformly loaded unless otherwise noted.

Flexural Data
Source Beam No. L. Strength Statistics
Series Description Mean/nominal | - Ve
r
Ref, E.15 A 15 D. Fir/E. Spruce 2.31 0.24
B 15 D. Fir/E. Spruce 2.60 0.14
C 15 D. Fir/Wane 2.75 0.17
D 15 Hem Fir 2.34 0.12
E 15 D. Fir 2.59 0.16
F 15 S. Pine 2.77 0.17
G 15 Hem Fir 2.41 0.15
H _15 Western Wood 2.63 0.19
Ref. E.14 86-90 5 D. Fir/L. Pine L3 3.17 0.081
91-95 5 D. Fir/L. Pine L2 2.65 0.156
96-105 10 D. Fir/L. Pine L1 2.52 0.086
Ref. E.13 61-70 10 S. Pine/I 2.82 0.114
71-80 10 S. Pine/II 2.48 0.094
Ref. E.12 36-40 5 S. Pine 3.50 0.09
41-45 5 D. Fir 2.67 0.13
46,48-50 4 D. Fir 2.64 0.13
Ref. E.2 1-5,21-23 7 D. Fir/301 2.38 0.11
11-15,24-26 7 S. Pine/301 2.09 0.10
6-10 5 D. Fir/301+ 2.72 0.07
16-20 5 S. Pine/301+ 2.19 0.25
Ref. E.9 Lumped 86 D. Fir (12% Moist) 2.80 0.14
Ref. E.21 56 D. Fir 2.59 0.17
Ref. E.24 19 Lodge Pine - 0.24
Ref. E.8 6 S. Pine 3.18 -
6 S. Pine 2.75 -
6 S. Pine 2.91 -
6 8. Pine 3.04 -
6 Hem Fir 2.73 -
6 Hem Fir 2.82 -
6 D. Fir/Hem Fir 3.20 -
6 Lodge Pine 2.94 -
6 Lodge Pine 2.72 -
Ref. E.6 16 Hem Fir 2.88 .12
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(b)

(c)

Glulam Members in Tension

Source No. Description Strength Statistics
Mean/nominal VF
r
Ref. E.19 180 D. Fir, L3 2.45 0.23
20 D. Fir, L3 2.75 0.16
20 D. Fir, 13 2.92 0.09
20 D. Fir, L3 2.33 0.14
95 D. Fir, 13 3.0 0.20
20 D. Fir, L3 2.67 0.15
Glulam Members in Compression
Source No. Description Mean/nominal VF
(o)
Ref. E.9 26 D. Fir, L3 2.73 0.12
25 D. Fir, L2 2.62 0.12
25 S. Pine No. 3 2.42 0.12
25 S. Pine No.2 2.74 0.12
Table E.2
Heavy Timber
(a) Flexure
Source Species Size* No. f; VF (est)
I,
‘Ref. E.25 | Longleaf pine Green ~| 6x12, 8x16 13 7260 0.24
Dense
D. Fir - Green S 1 8x16 36 7070 0.11
D. Fir - Green S 2 8x16 66 6240 0.16
Sitka spruce - both 8x16 12 | 5040 0.33
S2
W Hem - Both S 2 8x16 35 5300 0.20
(b) Compression
Source Species Size™ No. f; VF (est)
. c
Ref. E.25 Southern Pine 12 x12 68 4610 0.22
Select
D. Fir select 12 x12 48 | 4020 0.26
*
All dimensions in inches (1 in = 25.4 mm)
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stock used in the fabrication of these beams often was of minimum quality. The reason was
that most of the test programs were aimed at better utilizing laminating stock and the
tests were conducted to show that the allowable stresses were comparable to existing
glulam technology. Some of the data in Ref, E.lS do not correspond to any particular
stress grade; in such cases, the allowable bending stress which most closely corresponds
to the grade and arrangements of laminations was selected for ¥¥/Fn' Therefore, these
data have inherent bias, i.,e., the average strength of beams in service in which the
laminations were selected randomly from a particular grade stock might be somewhat higher
than indicated by the FPL tests. This is partially offset by the fact that the commercial
fabricators, knowing in some instances that the beams were to be used in laboratory test
programs, could have exercised more stringent quality control than normal. Unfortunately,
the effect of these factors on the statisties of Fr cannot be ascertained. The mean in
situ strength of similar populations of glulam beams could be approximately 10 to 15
percent higher than indicated by the test series; however, the test data presented in
Table E.la have not been corrected for this factor.

It should also be noted in .this regard that some lumber producers skim the top of the
grades from their production for use in millwork, ladder rails, etc. This means that the
test samples in research reports may not be entirely representative of what the enginger
gets whep he orders, say, Grade 2 or better dimension lumber or L1 laminating stock.

Several analyses of the data in Ref. [E.15] summarized in Table E.la were performed
iﬁ this study using a maximum probability plot correlation method to determine the best
probability distribution for Fr‘ The normal, lognormal and Weibull distributions were
considered to be candidate distributions. When each sample of 15 beams was considered
separately the normal distribution was best for series F and G; the lognormal for A, D, E,
H; and the Weibull for B and C. However, the lognormal was worst in 3 cases (B, C, G) and
the Weibull was worst in 4 (D, E, F, H). When Douglas Fir series A, B, and C are pooled
(45 beams) by normalizing the data to a 12 inch (305 mm) depth and 21:1 span/depth
ratio, the Weibull distribution offers the best fit; these data are plotted on Weibull
probability paper in Fig. E.l. The distribution parameters are a function of load duration
and are presented later in this Appendix.

Additional data from other research programs are also summarized in Table E.la. Knab
and Moody [E.9] pooled all FPL data for beams which had a stress rating of 2400 psi (16.6
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N/mmz) to obtain their estimate of mean and coefficient of variation. Sexsmith and Fox
[E.21] created an expanded sample by taking several smaller seté of data on beams of
different sizes and normalizing all test data to a reference beam volume. Analysis of
their data shows that the Weibull distribution provides a somewhat better fit to the data
than the lognormal distribution. Johnson's [E.8] test results are presented in the form
of average and minimum Fr for each group of 6 beams; the c.o.v. is estimated to average
about 0.15-0.16 for all tests. The data summarized in Table E.la showing the ratios of Fr
to allowable stress tend to confirm the values reported in the Forest Product Laboratory
test series. As with the latter tests, the tension laminations were selected from low-
line stock, Interestingly, there appears to be no correlation in Johnson's data between
fr/Fn and Fn’ which suggests that reliabilities for different stress grades would be about
the same.

Data for strength of glulam members in tension and compression is presented in Tables
E.1b and E.lc. Relatively speaking, the c.o.v. in tensile strength tends to be larger
than for flexure, averaging about 0,20; in compression, Vc = 0.12, Shear failures are not
a common problem in glulam beams [E.l4].

Table E.2 presents some data on the strength of heavy sawn timbers in flexure and in
compression [E.25]. The grading procedure used at the time of these tests was different
from the procedure used now, and it is difficult to relate the test MOR to a design allowable
stress., The estimated coefficients of variation are higher than observed for glulam,
which is not surprising in view of the lower quality control.

Effects of Load Duration and Rate of Loading

The strength of wood members is known to be affected significantly by the rate of
loading and the duration of the load, so much so that most standards permit these factors
to be incorporated in some way in design. Failure in wood structural members under sﬁstained
loads appears to be a creep-rupture phenomenon [E.5]. Most standards in the past have
recognized this implicitly by permitting the allowable stresses to be increased for loads
with shorter duration than the standard duration of 10 years. However, there is presently
a considerable amount of controversy over what the actual load rate and duration effects
are [E.5, E.7, E.10] and how these factors should be taken into account in reliability
analysis.
. A summary of world literature on effects of load rate and duration has recently been
published [E.7], which traces the developments which led to the curve which purports to
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relate the strengths of wood to a 10-year, or normal, load duration. This curve has been
used in the National Design Specification [E.16] since 1952, and is the basis for the
increases in allowable stresses permitted by most codes and standards in the US. The mean
strength level, as a percentage of the standard 5 minute test, is approximately

sL = 108.4/p°-94635 4 15,03 (E.1)

(the "Madison curve') in which time D (in seconds) includes the uploading and sustained
load times. Eq. E.1 is based on small clear specimen tests; nevertheless, it is used in
the U.S. in coméuting design stresses for dimension lumber, glulam and heavy timber con-
struction.

More recent work separates constant loading and rate of loading effects because
different loading conditions are involved. Afier reanalyzing the available data, Gerhards
[E.7] found that the mean strength reduction is described by

SL = 87.8 - 5.810g10D (D in hr) (E.2)

Here, D does not include the uploading time. The scatter about thls equation indicates a
c.o.v. of 0.07. When the period at sustained load is long relative to the uploading time,
Egs. E.l and E.2 lead to about the same result.

An analytical model has recently been developed [E.5] to predict the dependence of
wood strength on load history which treats failure as a creep rupture phenomenon. This
model predicts a dependence of strength of clear wood on load duration which is approximately
the same as Eq. E.l. It remains to be validated for wood members with imperfections.

Since laminating stock generally is of higher quality than dimension lumber, it is
reasonable to expect that the load duration effect in giulam members would be similar to
Egqs. E.1 and E.2., The real problem is not the establishment of a load duration - strength

relation, per se, at least for "almost clear" wood. If failure is, in fact, a creep

rupture- phenomenon, the entire load history must be known as a function of time in order

to predict failure. The duration of any one load is of secondary importance. This would
require a stochastic process (rather than a random variable) description of each load, and
the profession is years away from being able to do this. In order to treat structural
reliability of wood members as a random variable problem, then, "equivalent" load durations
must be specified. This is discussed subsequently.
Size Effects

While test data are inconclusive regarding effect of member size on tension and

compression strength, most data show a definite size effect for flexure, with the modulus
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of rupture tending to decrease with member size. Most codes and standards require that
the allowable stress be reduced in beams which are over 12 in (305 mm) in depth.

This size effect has been studied using statistical strength theories based on the
weakest link hypothesis [E.l], in which Fr is dependent on the volume and type of loading.
If Fr is independent of beam width, and the span-to-depth ratio is constant, then on the

basis of tests on small clear Douglas Fir beams,
F
o4
= ﬁrﬂ
r 2
1

in which Fi’ d

1/9 (E.3)

"l

;= modulus of rupture and depth of beam i. This is the formula used to
correct for beam depth in Refs. E.16 and E.22.

The exponent 1/9 is related to the c.o.v. in Fr as a consequence of the Weibull
strength theory [E.1]. It would be expected that the exponent in Eq. E.3 would increase
for glulam and dimension lumber. In fact, data analyzed by Sexsmith and Fox [E.21] show

this to be the case, where a relation between strength and volume Fr = aV_l/lo'6 w

as
presented for glulam beams. Making the same assumptions as those leading to Eq. E:3 with

these data, we would obtain

L]

r

2 1/5.3
¥ = (dl/dz)

1

(E.4)

The exponent implies that the variability in Fr for large members 1s approximately 1.5

that for small clear specimens; interestingly, this is approximately the same ratio cited

by Wood [26]. The scatter about the regression line underlying Eq. E.4 implies a varilability
of approximately 0.08 due to size effect.

Reliability Analysis for Glulam Members

The ‘basic resistance variable used in the reliability studies for glulam beams is
defined by,
. R = (Fr *+ 8) « SL » Size (E.5)
in which Fr «+ S = basic S5-minute test value, the statistics of which have been described
in Table E.l. Thi; must be modified by size and load duration parameters. The mean and
c.0.v. in R are defined by,
R = (?:F—?S - SL - Size (E.6)

Vo= v e vE o+ vE M2

F_S SL size (E.7)
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Data in Table E.1 show that most values of f; fall between 2.5 Fn and 2.9 Fn (recall
Fn = 10-yr nominal design stress), with an average value of 2.72 Fn. In computing this
value, the FPL data were not arbitrarily increased to account for marginal quality tension
laminating stock because the data from Ref. E.21 (which presumably was unbiased) indicated
that such an increase may not be warranted. However, the reliability calculations will be

performed over a range of values to show the sensitivity to this parameter. A repre-

sentative value of VF is 0.14. Statistical variations in the section modulus S are
r

inconsequential in comparison with those in the other parameters and as a consequence, S
is treated as deterministic.
In practice, beams are corrected for depth using Eq. E.3, while the true correction
is given by Eq. E.4, The size adjustment factor in Eq. E.5, which accounts for the difference
between the size adjustment required (Eq. E.3) and that needed (Eq. E.4) is ,

1

d 1
_test, (53 - g (E.8)

Size = ( 3

in which dtes = depth of beams upon which the statistical analysis of strength was based

t
(Table E.1) and d = depth of beam in service. Most of the beams in Table E.l are from 12

in - 24 in (305 - 611 mm) in depth, while beams in service would vary from 12 -36 in

(305 - 915 mm) in depth. Corresponding to (dcest/d) = 0.6 - 1.0, the size parameter
varies in mean value from 0.96 - 1.00. For this study, it will be taken as 0.98, reflecting

the fact that most glulam beams in service are somewhat larger than those used in the test

series; Vsize = 0.08.

The mean of the load duration parameter depends on the transient load in the load

SL

Live Load The maximum live load on the structure occurs due to the superposition of an

combination (live, snow, wind, etc.). The variability V_. = 0.07.

extraordinary load upon the sustained load. For the lighter occupancies, the extraordinary
load is a substantial percentage of the total live load. The duration of this load would
usually be less than a day or two per event and cumulatively would account to a month or
less during a 50-yr reference period. Strength levels calculated from Eqs. E.l and E.2

for a range of cumulative load durations are shown in Table E.3. For extraordinary live

loads, the range of interest would be 7-30 days.
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Table E.3

Cumulative Duration Strength Level (Percent)
Eq. E.1 Eq. E.2
7 days 76.5 74.9
30 days ' 72.7 71.2
2 months 71 69.5
3 months 70 68.5
6 months 68 66.7

Because of the relative insensitivity of SL to duration, a value of SL = 0.74 is assumed
for maximum live load.

The mean and c.o.v. of the basic resistance variable used in reliability analysis for
live load are (existing standards allow no increase in resistance Rn for live loads)

_ (2.72 F.5) (0.74) (0.98)
R/R = o = 1.97 (E.9)

F 8§
n

Ve = 100.167 + (0.07)% + (0.08)1%/2

= 0.18 (E.10)
The probability distribution for R is very close to Weibull because of the relative magnitudes
of V.

and V While the characterization of flexural capacity is felt to be

Fr’ vsize SL”
representative of what would be expected in practice, the sensitivity of the reliability
analysis to ﬁ/Rn and c.d.f. will be investigated.

Snow Load Snow loads remain on glulam—-supported roofs long enough for a certain amount of
cumulative damage to occur. The strength level shown in Table E.3 for cumulative durations
of from 1 to 6 months appears insensitive to the exact cumulative duration. Refs. E.16

and E.25 allow a 15 percent increase in allowable stress. Accordingly a value SL = 0.70

is selected for snow load and —ﬁlRn becomes

2.72 Fns) (0.70) (0.98)

R/R_ =
n 1.15 F_s 1.62

with VR = (.18 as before.
Dead Lload only For permanent loads, Eq. E.l1 yields ST = 0.59; Refs. E.16 and E.25 require
that the allowable stress be reduced by 10 percent. Accordingly,

(2.72 Fns) (0.59) (0.98)
0.9 F s

R/R_ = =1.75
n
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Wind and Earthquake The duration of the 50-year maximum wind or earthquake load certainly

is less than 5 minutes. On the other hand, some cumulative damage may already have occurred
through static fatigue. For cumulative duration of strong wind over a 50 year reference
period ranging from 30 minutes to 4 hrs, the strength reduction in Eq. E.l decreases from
0.95 to 0.88. Refs. E.16 and E.25 allow a 33 percent increase in nominal resistance.
Accordingly,

(2.72 FnS) (0.90) (0.98)

ﬁyxn = = 1.80
1.33 F S

Statistics for tension and compression members are handled similarly, except the size

effect is not included as in Eq. E.5. A summary of strength of glulam members is given in

Table E.4.
Table E.4
Statistics of Strength of Glulam Members

Maximum Bending Tension Compression

Load in — — —

Combination R/Rn VR R/Rn VR R/Rn VR
D 1.75 0.18 1.74 0.21 1.73 0.14
L 1.97 0.18 1.96 0.21 1.95 0.14
S 1.62 0.18 1.61 0.21 1.60 0.14
%) 1.80 0.18 1.79 0.21 1.78 0.14
E 1.80 0.18 1.79 0.21 1.78 0.14

Calculated values of B for beams loaded with the D + S and D + L load combinations
are p:esented in Figures E.2 and E.3. i/Rn and VR have been varied from the summary
statistics in Table E.A,to illustrate the sensitivity of f to these parameters. fVLn =
1.0 in Fig. E.2. When Ln/Dnand Sn/Dnare small, B is quite sensitive to the assumed
distribution for R. When the dead load acts alone, f = 2.45 if R is lognormal and B =
1.91 if R is Weibull. Since VD is small, the c#aracteristics of R dominate the reliability
anélysis. For more realistic values of Ln/Dnand Sn/Dﬂ however, in the range of 2 - 4,
this sensitivity is much less pronounced. The reliability apparently is somewhat less for
the D + S combination than for the D + L combination. Figure E.4 illustrates the reliability
index for tension and compression members subjected to wind. The large c.o.v. in tension
strength causes B for this case to be somewhat less than for either compression or bending
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Curve | cdtf | R/Rn | VR
4 1 Lognormal 1.62 0.18
2 Weibull 1.62 0.18
3 Weibull 1.74 0.18
3 4 Weibull 1.72 0.16
1
et L TP LE
3 =1
B 2 2 N2
M1
0 l | | |
0 1 2 3 4
Sn/Dp

Figure E.2 - Réliability Index for Glulam Beams - Snow Load

Curve | c.df. | R/Rp | VR
1 Loegnormal 1.97 0.18
4} 2 Weibull 1.97 0.18
3 Weibull 2.12 0.18
4 Weibult 2.16 0.16
1
3+ L/Lp = 1.0
o = I
2T T T T e
2 2
1+
0 ] ] 1 1
0 1T 2 3 4
Ln/Dn

Figure E.3 - Reliability Index for Glulam Beams - Live Load
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Curve | cdf | R/Rn | VR
s - Tension | Weibull | 1.9 |u.21
. Compression | Weibull 1.72 1 0.14
3|
Compression
B 2} Tension
1 -
0 I L | |
0 1 2 3 4
Wn/Dn

Figure E.4 - Rellability Index for Tension and Compression
Members - Wind Load

207



REFERENCES

1.

2.

10.

11.

12.

13.

14.

15.

16.

17.

18.

Bohannan, B., "Effect of Size on Bending Strength of Wood Members, Research-Paper FPL
56, US Forest Service, USDA, 1966.

Bohannan, B., Moody, R., 'Large Glued-Laminated Timber Beams with Two Grades of
Tension Laminations," Research Paper FPL 113, Forest Products Laboratory, USDA,
Madison, WI, September 1969.

Bonnicksen, L. W., Suddarth, S. K., "Structural Reliability Analysis of a Wood Load-
Sharing System,”" Journal of Materials, ASTM, Vol. 1, No. 3, September 1966, pp. 491~
508. -

Criswell, M., "Response of Realistic Wood Joist Floors,'" in Probabilistic Mechanics

and Structural Reliability," American Society of Civil Engineers, New York, 1979.

Barrett, J., Foschi, R., "Duration of Load and Probability of Failure in Wood, Parts
I and II," Canadian Journal of Civil Engineering, Vol. 5, No. 4, December 1978, pp.
505-532.

Fox, S.P., "Development and Tests of 26f-E Hem-fir Glulam Beams," Forest Products Journal
Vol. 28, No. 6, June 1978, pp. 45-54.

Gerhards, C.C., "Effect of Duration and Rate of Loading on Strength of Wood and Wood-
Based Materials,' Research Paper 283, Forest Products Laboratory, USDA, 1977.

Johnson, J.W., "Efficient Fabrication of Glued-Laminated Timbers,'" Journal of the
Structural Division, ASCE, Vol. 99, No. ST3, Proc. Paper 9623, March 1973, pp. 431-442.

Knab, L. I., Moody, R., "Glulam Design Criteria for Temporary Structures,'
Journal of the Structural Division, ASCE, Vol. 104, No. ST9, Proc. Paper 14031,
September 1978, pp. 1485-1494.

Madsen, B., "Strength Values for Wood and Limit States Design," Canadian Journal
of Civil Engineering, Vol. 2, No. 3, September 1975, pp. 270-279.

""Methods for Establishing Structural Grades and Related Allowable Properties for
Visually Graded Lumber (ASTM D245)," American Society for Testing and Materials,
Philadelphia, PA (Current Edition of Book of Standards).

Moody, R. and Bohannan, B., 'Large Glued-Laminated Beams with AITC 301A-69 Grade
Tension Laminations,' Research Paper FPL 146, Forest Products Laboratory, USDA,
Madison, WI, October 1970.

Moody, R., "Flexural Strength of Glued-Laminated Timber Beams Containing Coarse-Grain
Southern Pine Lumber,' Research Paper FPL 222, Forest Products Laboratory, Madison,
WI, 1974. i '

Moody, R., "Design Criteria for Large Structural Glued-Laminated Timber Beams using
Mixed Species of Visually Graded Lumber," Research Paper 236, Forest Products Laboratery,
USDA, Madison, WI, 1974.

Moody, R., '"Improved Utilization of Lumber in Glued-Laminated Beams,' Research Paper
FPL 292, Forest Products Laboratory, USDA, Madison, WI, 1977.

"National Design Specification for Stress-Grade Lumber and Its Fastenings,'" National
Forest Products Association, Washington, D.C., 1971.

Ne&ton, D.A., and Ayaru, R., "Statistical Methods in the Design of Structural Timber
Columns," Structural Engineer, Vol. 50, No. 5, May 1972, pp. 191-195.

Nwokoye, D.N., "A Load Factor Design for Timber,' Structural Engineer, Vol. 54, No.
3, March 1976, pp. 91-97.

208



19.

20.

21.

22.

23.

24,

25,

26,

Peterson,J., "Tensile Strength of L3 Douglas Fir Glulam Members,' Journal of the
Structural Divisiom, ASCE, Vol. 104, No. STl, Proc. Paper 13480, January 1978, pp. 1-8.

Polensek, A., "Rational Design Procedure for Wood-Stud Walls Under Bending and Compression

Loads," Wood Science, Vol. 9, No. 1, July 1976, pp. 8-20.

Sexsmith, R.G., and Fox, S.P., "Limit States Design Concepts for Timber Engineering,"
Forest Products Journal, Vol. 28, No. 5, May 1978, pp. 49-54.

"Standard Specifications for Structural Glued-Laminated Timber of Douglas Fir, Western
Larch, Southern Pine and California Redwood, (AITC 117-74),' American Institute of
Timber Construction, Englewcod, Co., 1974.

Suddarth, S.K., et al., "Differential Reliability: Probabilistic Engineering Applied
to Wood Members in Bending/Tension," Research Paper FPL 302, Forest Products Laboratory,
USDA, Madison, WI, 1978.

Tichy, R. J. and Bodig, J., "Flexural Properties of Glued-Laminated Lodgepole Pine
Dimension Lumber,'" Forest Products Journal, Vol. 28, No. 3, March 1978, pp. 27-33.

Wood, L., "Variation of Strength Properties in Wood Used for Structural Purposes,"”
Report R1780, Forest Products Laboratory, Madison, WI, December 1950.

Zahn, J.J., "Reliability-Based Design Procedures for Wood Structures,” Forest
Products Journal, Vol. 27, No. 3, March 1977, pp. 21-28.

209



APPENDIX F - COMPUTER PROGRAM

The purpose of ;his appendix is to describe the computer program used in the reliability
analyses, Two separate problems can be handled with this program: (1) for a given design
situation defined by a set of nominal load and resistance variables, calculate 8 (analysis),
and (2) for a prescribed B and set of nominal loads, calculate the required nominal resistance
and partial factors to be applied to the nominal value of each basic variable in the limit
state equation (Level II design). The analysis procedure is summarized in Chapter 2 where
an example calculation is also given.

The computer program can work wiph the following two-parametered probability distribution:

Normal

Lognormal

Gamma

Gumbel (Extreme Value Type I)

Frechet (Extreme Value Type 1I)

Weibull (Extreme Value Type III)

Additional distribution functions may be added if desired. In addition, several different

forms of the limit state equation are allowed in the present version:

xl+x2+x3...+xn=0 (F.1)
BXX, - Xy = 0 (F.2)
2 -— 3
X, - (X2t + 6X3)/bt =0; 0< X3/X2t < 1/6 (F.3a)
2P ¢t X3
Xl - 3% CE - i;) =0; 1/6 < X3/X2C < 1/2 (F.3b)

in which Xi basic variables and b,t = constants. Eq. F.l is the common linear form of
the limit state equation. Eq. F.Z is an alternate description of the limit state for a
simple tension or bending member, in which Xl’XZ = yield stress and section property,
respectively, and X3 = total load effect. Egs. F.3a and F.3b describe the strength of an
unreinforced masonry wall in compression plus bending, and were used to determine B at
large vertical load eccentricities. Additional limit states could be added, if desired.
The linear form of the limit state equation was used for most of the calibrations and

all of the Level II design calculations. The program assumes that X1 is the resistance
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variable; Xl may have a normal, lognormal, or Weibull probability distribution. When the
design option is selected, the iteration is performed on ii. Variables XZ -VX6 may have
any of the six distributions listed previously. There is no restriction as to which X -
variable describes which load.

The basic informatilon required for either analysis or design options 1s the probability
distribution for each variable, the ratio of mean to nominal value, EVxn, and the coefficient
of variation VX' For extreme value distributions I and 11, the ratio of characteristic
extreme to nominal, u/Xn, and the shape parameter k may be specified instead. There are
additional input variables that describe the size of the problem, number of analysis or
design situations to be considered, descriptors to assist in interpreting output, and so
forth. Design situations may then be specified by a set of nominal loads and resistances.
The means are then computed as X = (i/Xn) Xn and the solution proceeds as described in
Chapter 2. A detailed deséription of input data follows.

(1) NCASES

(2) HEADING FOR PROBLEM - ARBITRARY - MAXIMUM OF 72 CHARACTERS

(3) PROB N NG NLRFD BTA B T

(4) (TYPE),  (DIST), (i/xn)i (c.ove); vy

One card for each of "N" X-Variables.

(5) X X X e e

One card for each of "NLRFD" design situations

Card sets (2) - (5) may be repeated "NCASES" times.
The above parameters are defined as follows.
NCASES = number of problems - a problem is defined by a set of X-variables and their
statistics (no limit).
PROB = ANALYS - calculate B for design situation
DESIGN - calculate partial factors for fixed B (Level II design).
N = number of X-variables in limit state equation

NG = designation of limit state; -

1 - Eq. F.1, = 2 - Eq. F.2, = 3 - Eq. F.3
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NLRFD = number of design situations in the problem (no limit)
BTA = reliability index B. If PROB = ANALYS, BTA is the initial guess at solution
for g(B) = 0; if PROB = ANALYS, BTA is the target reliability for which
Level II partial factors are sought.
B,T = constants. If NG = 1, they are not referenced. If NG = 2, B is an appropriate
constant in Eq. F.2. If NG = 3, B,T = width, thickness of masonry wall.
(TYPE)i = user - defined description of Xi, e.g., '"resist," "wind,'" etc.; maximum of 6
characters
(DIST)i = Probability distribution of Xi
= NORMAL - Normal distribution
= LOGNOR - Lognormal distribution
= GAMMMA - Gamma distribution
= GUMBEL - Type I Extreme value
= FRECHE - Type Il Extreme value

WEIBUL - Type III Extreme value

(i/xn)i, (c.o.v.)i = mean-to-nominal, coefficient of variation

Yy < partial safety factor for (xn)i' I1f PﬁOB = ANALYS, Yg is not needed as input.

X 1, X 2, vee s XnN = nominal load and resistance variables which define each design
situation. When the design option is selected, an * (ii/an)
is the initial guess at the solution for g(ii) = 0.

Table F.l shows the input data used to calculate B's for existing reinforced concrete
beams under the D + L + W combination. Two values of LO/D were selected: 0.5 and 1.0.
Four values of Wn/D were considered at each LO/D. Since AT = 400 ft2, Ln = 0.68Lo; fyLn

= 1,147 for D+ L + W . and f]Ln = 0.353 for D + Lapt + W. The statistics for maximum

pt
wind are ﬁ]wn = 0.78, V,, = 0.37, while for arbitrary-point-in-time wind, u/W_= -0.021 and
k = 18.7, the characteristic extreme and shape, respectively. The program is able to make
the distinction by testing the magnitude of (c.o.v.)i in card (4); if the value in this
location exceeds 1.0, the program assumes that u/Xn and K were given.

A listing of the program follows. The addition of other limit states would require
changes to subroutine GDGDX. Other distribution functions would require additional state-
ments in subroutines CALC and PARAME. Separate subroutines must also be added to compute
FXi(Xz), fxi(X:), i?, cgi in accordance with Eqs. 2.24 (cf. subroutine FRECHE, which
performs these operations for the Extreme Value Type II c.d.f.).
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The program was written in Standard Fortran for a UNIVAC 1108 Exec 8 system. Several
functions and subroutines from the UNIVAC scientific package were used which would have to
bé changed if the program were to run on another system:

TINORM ( ) = Inverse of standard normal distribution function: X = G—l(p)

GAMIN ( ) - Incomplete gamma function, necessary to evaluate gamma probability

distribution function = ft% let

dt/T(n)

GAMMA ( ) - Complete gamma function.

Two cautionary notes are in order. First of all, the entire program (including
UNIVAC - supplied routines) 1s written in single precision. When B becomes large (say, 5
or greater) round off errors may occu; when quantities such as 1 - p; are computed.
Second, convergence problems were encountered in the cases where B ogilig = 1.0. This
difficulty appears to be inherent to this particular reliability method, which replaces

the actual non-normal variables with fitted normal variables prior to performing the

reliability analysis. Consider, for example, the simple two~variable problem,

Xl - X, = 0
The reliability analysis leads to a value of B:
_—N
CH X
B N |2 N .2.1/2
[ )2+ @) ) H
1 2
where i?, cg = mean, standard deviation in accordance with Eqs. 2.24. Conversely, the
i

central factor of safety is,

2 2 2,2,,1/2
2N (v + Vv, @ -8°VD]
/% = 7.2
1-8 Vl)
in which Vi = s§ /iﬁ. It is clear that as BVl -+ 1, the central factor of safety increases
i

without bound. There is no obvious way of circumventing this problem, and users of the
method should be aware that it might occur. This was encountered in some of the analyses
of masonry walls in "nearly pure' compression and of some connections where both vari-

ability in behavior and conservatism in practice are high.
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R/C - FLEXURE - GRADE 40 -
ANALYS 4 1 8
RESIST NORMAL 1.213 0el145
DEAD NORMAL 1.050 010
LIVE GAMMMA 0.353 0455
WIND GUMBEL 0.780 04370
2.198 1.0 0434 0e25
2357 1.0 0+34 0450
2.712 1.0 0434 0«75
3,066 1.0 0434 1.00
2+841 1.0 0468 0e2S
2.841 160 0es68 0e50
34193 1.0 0468 0e75
3.543 10 068 100
R/C - FLEXURE = GRADE 40 = MED RHO - D
ANALYS 4 1 8
RESIST NORMAL 1213 0.145
DEAD NORMAL 1.050 0.10
LIVE GUMBEL 1147 0625
wWIND GUMBEL ~0.021 18,70
20198 10 0+34 0e25
2357 10 0¢34 0450
26712 1e0 0¢34 0e75
3066 1.0 0+34 1400
20841 1.0 Q0e68 De25
24841 10 .68 0«50
3,193 1«0 0+68 De75
3.543 1,0 0.68 100
R/C = FLEXURE = GRADE 60 = MED RHO = D 4+ LI + WMAX
ANALYS a4 1 . 8
RESIST NORMAL 1103 Oe110
DEAD NORMAL 1.050 0610
LIVE GAMMMA 0e353 0eS55
WIND GUMBEL 0e¢780 04370
2,198 10 0+38 0e25
24357 1e0 Q0634 0e50
2712 1«0 0«34 0e75
3,066 1.0 Oe3a 100
2¢841 1.0 D+68 De25
Z2.8481 10 0.68 0650
3,193 1.0 D.68 0e75
3.543 160 0¢68 100
R/C - FLEXURE -~ GRADE 60 - MED RHO - O
ANALY S L) 1 8
RESIST NORMAL 1103 Os110
DEAD NORMAL 1050 Oel10
LIVE GUMBEL 1147 025
WIND GUMBEL -0e021 18.70
20198 10 0.34 D25
24357 1.0 04348 0«50
24712 1.0 0434 0.75
3. 066 1.0 0434 1.00
2.841 1.0 0e68 0e25
2841 1.0 0468 050
3.193 1.0 0e68 0e7S
3.543 1.0 0¢68 100

Table F.1 - Sample Data Preparation
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MED RHO = D + LI + WMAX

3e0
0490
105
1278
1.275

+ LMAX + WI
3.0
0+90
1.05
1.278
1.275

3.0
0490
1.05
1,275
1275

+ LMAX + W1
30
090
1.08S
1275
1275

Al

Al

Al

Al

800 FT*%x2

800 FT%x%x2

800 FTx%x2

800 FT*%2



Table F,2 - Computer Program Listing

PRCGRAM ASBLF CALCULATES SAFETY INDEX BETA FOR GIVEN DESIGN
OR COMPUTES PARTIAL FACTORS FOR GIVEN BETA.
TYPE(1) = VARIABLE IDENTIFIER
DIST(I) = PROBABILITY DISTRIBUTION
Ut(l), U2(l) = FIRST AND SECOND MOMENT PARAMETERS OF PROBABILITY
DISTRIBUTION: I.Ees ULl = MEAN; OR CHARACTERISTIC EXTREME.
R{I)o MX(I)e CVX(1l) = MEAN/NOMINAL RATIO: MEAN., COEFFICIENT
OF VARIATION.
XN(1) = NOMINAL DESIGN VALUES.
PF(I) = PARTIAL SAFETY FACTORS
REAL MXs MXNe K
DIMENSION TYPE(&), HEADER(12)
. COMMONZINSTAT/DIST(6)s R(6)s MX{(6)s CVX(E)s K{6)s U(B),
1U1(6), U2(6)
COMMON/CONSTS/Ne NALo NNRy NITALy, EPSe NGy Boe T
COMMON/NOMINL/XN(E)o PF(6)
COMMON/METRIC/X(6) + MXN(6) «SDXN(6) sAL(6)s BETA, BTA
DATA/ZEPSsNALoNNRyNITAL/0+001+100,20+20/
READ S05¢ NCASES
905 FORMAT( )
DO 1000 ICASE = 1+ NCASES

HOAONOONNN

C

C READ IN BASIC PROGRAM VARIABLES

C
READ 900, (HEADER(I)s I = 14 12)
PRINT 902, (HEADER(I}s 1 = 1, 12)
READ 901 PROBs Ns NGs NLRFD, BTA, B8, T
IF(PROB +EQs 'ANALYS') PRINT 802
IF(PROEB +EQe 'DESIGN®) PRINT 806, BTA
DO 10 I = 1, N

10 READ 903¢ TYPE(I)+DIST(I)UL(I)4U2(1)sPF(1)
PRINT 800¢ (TYPE(I)eI=1sN)
PRINT 801c (DIST(I)+I=14N) .
IF(PROB +EQe *ANALYS®) PRINT 803, (PF(I)sI=1.N)

PERFORM ANALYSIS OR DESIGN CALCULATIONS FOR EACH OF FOLLOWING
NLRFD LOADING SITUATIONS.

[aNaNaNal

DO 1000 JJ = 1, NLRFD

READ 9040 (XN(I)s I=14N)
CIMPUTE DISTRIBUTION PARAMETERS OF PROGRAM VARIABLES FROM
-NOMINAL DATA INPUT.

CALL PARAME

(s Xa)

BEGIN RELIABILITY CALCULATIONS. ITERATIONS PERFORMED WITHIN
SUBROUTINE CALC.

CALL CALC(PRDB)

PRINTY 8079 (XN{(I),I=1,N)

PRINT 804y (R{I)sI=1.N)

PRINT 805s (CVX(I).I=1,N)

PRINT 808y (X(I)seI=1.N)

PRINT 8090 (AL(I)I=1,N)

IF(PROB +EQs °*ANALYS®*) PRINT 810, BETA

IF(PROB +EQe 'DESIGN') PRINT 803, (PF(I),I=1,N)
1000 CONTINUE :

a2 Ns]
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900 FORMAT(12A6)

S0t FORMAT(4Xp A6G+3110.3F10,0)

02 FORMAT(//7/7/712A6/7)

903 FORMAT(2(4XA6)+3F1060)

800 FORMAT(//7" VARIABLE IN G( )} = 0',6(4X.A6))

801 FORMAT (* DISTRIBUTION® ¢€(4XsA6))
802 FORMAT (/7/720X+ * ANALYSIS'//) '

803 FORMAT (¢ PARTIAL FACTORS!'!'+6F1043)
804 FORMAT (" ' MEAN/NOMINAL * 46F1063)
805 FORMAT (* CaOeVetoEF10.3)
806 FORMAT (//20Xo *DESIGN = BETA =':F6.3//)
807 FORMAT(//t XN(I)?+6F10.2}
808 FORMAT (! X(I)*'+6F10.3)
go¢ FORMAT (" ALPHA(I)'c6F1043)

810 FORMAT (15X *kkkk BETA ='9F6e20 % %kk%x?)
S04 FORMAT(6F1040)

sSTOP

END

SUBROUTINE CALC(PROB)
C CALC 1S THE MAIN ROUTINE PERFORMING THE ITERATIONS OF STEPS 4 - 10
EXTERNAL FBETA
REAL MXe MXNp K
DIMENSION XP(6)es DGDX(6)s A(S6)
COMMON/INSTAT/DIST(6) s R(6) e MX(6)y CVX(6)e K(B)y U(6)
COMMON/CONSTS/Ns NALs NNRs NITALs EPSs NG
COMMCON/NOMINL/XN(6) o PF(6)
COMMON/METRIC/X(6) s MXN(E) «SDXN{E) sAL(6)s BETA, BTA
C SET INITIAL CHECKING POINT VALUES EQUAL TO MEANS
ITAL = 1
B8ETA = BTA
DO 10 T = 1¢ N
10 X{I) = MX{(1)
99 IAL = 1
C COMPUTE PARTIAL DERIVATIVES AT CHECKING POINT
100 CALL GDGDX(XeGoDGDX)
C
C COMPUTE MEANo STANDARD DEVIATION OF EQUIVALENT NORMAL DISTRIBUTION
C HAVING SAME CUMULATIVE AND DENSITY AT THE CHECKING POINT
DO 17 1 = 14 N
IF(DIST(I) +EQe¢ °NORMAL') GO TO 11
IF(DIST(1) .EQs *LOGNOR?') GO TO 12 -
IF(DIST(1) +EQs *GAMMMA?') GO TO 13
IF(DIST(I}) .EQ. ?'GUMBEL') GO TO 14
IF(DIST(1) +EQs 'FRECHE®*) GO TO 15
IF(DIST(I) .EQ. 'WEIBUL') GO TO 16

11 MXN(T) = MX(1)
SOXN(I) = CVX(I)*MX(I)
GO TO 17

12 CALL LOGNOR(X(I)eUCI)sK(I)sMXN(I)sSDXN(I))
G0 TO 17

13 CALL GAMMAL(X(I)DoU{I)aK(I)sMXN(I)eSDXN(I))
G0 TO 17

14 CALL GUMBEL(X(T)eU(I)aK(I)eMXN(I)4SDXN(I))
GO T0O 17

15 CALL FRECHE(X(I)sU(I)eK(I)sMXN{I) SDXN(I)})
GO TO 17

16 CALL WEIBUL(XC(I)sUCI)+K(I) MXN(I)sSDXNII))

17 CONTINUE

C

C COMPUTE DIRECTION COSINES FOR EACH VARIABLE

C
SUM = Q.

D0 20 1 = 1¢ N
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A{I) = DGDX(I)*SDXN(I)
20 SUM = SUM + A(I)*A(I)
SUM = SQRT(SUM)
DO 21 T = 1o N
21 AL(TI) = A(I)/SUM
C COMPUTE NEW CHECKING POINT VALUES
D0 22 I = 1« N
} XP(1) = X(I)
a2 X{I) = MXN(I) = AL(I)*BETA%SDXN(I)
C TEST WHETHER INTERIM ESTIMATES OF X{I) HAVE STABILIZED
DO 24 1 = 10 N
24 IF(ABS((X(I)=XP(I))I/X(I)) +GT. 0.,005) GO TO 23
IF(PROEB .EQes "ANALYS') GO TO 30
IF(PROB +FGe. 'DESIGN!') GO TO 31
23 1AL = IAL + 1
IF(IAL JLE. NAL) GO TO 100
GO TO a3

ANALYSIS PROBLEM. .
COMPUTE VALUE OF BETA SUCH THAT G( } = 0.

WNHOHOHO

] 8ST = BETA
CALL "~ NI(BETAeFBETABST.EPSsNNR,,IER)
IF(IER «EQe 0) GO TO 25

GO TO a1
C TEST FOR CONVERGENCE OF SOLUTION
28 IF{ABS((BETA=BST)/BETA) «LT. 0.005) RETURN

ITAL = ITAL + 1
IFUITAL «LEe« NITAL) GO TO 99
G0 TO a2

DESIGN PRCBLEM.
MODIFY MX(1) SO AS TO ACHIEVE G( } = 0.

("N eNale s

1 IF(ITAL +EGs 1) GO TO 26
DTHDG = (MX(1) - TH)/(G = GTH)
TH = MX(1)
GTH = G
MX(1) = MX(1) - G%DTHDG
IF(ABS((MX(1)~-TH)/MX(1})) LT, 0,005) GO TO 28
GO TO 32
26 TH = MX(1)
GTH = G
IF(G) 27¢28,29
27 MX(1) = lelxMX(1)
GO TO 32
29 MX(1) = 0.9%xMX(1)
32 ITAL = ITAL + 1
IF(ITAL +GTe NITAL) GO TO 42
CALL PARAMR
GO TO 99

COMPUTE PARTIAL FACTORS FOR NOMINAL LOADS AND RESISTANCES.

vMOODOD

MX(1)/7R(1)
= 1¢ N
XC(IY/ZXN(I)

8 XN(1)
D0 33

33 PF(I1)

RETURN

"o

C
C ERROR MESSAGES

C
41 PRINT 101
101 FORMAT(! SOLUTION OF G( ) = O NONCONVERGENT')

CALL EXIT
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a2 PRINT 102

102 FORMAT(' SOLUTIDN OF N+1 EQUATIONS NONCONVERGENT?®)
CALL EXIT

43 PRINT 103

103 FORMAT (' INTERIM SOLUTION FOR AL(I) NONCONVERGENT?!)
CALL EXIT
END

SUBROUTINE FBETA{XX+F+DERF)
REAL MXN

C SUBRDUTINE EVALUATES G{ ) AND ITS DERIVATIVES WITH RESPECT TO BETA
COMMON/CONSTS/N
COMMON/METRIC/X(6) sMXN(6) sSDXN(6)+AL{6)eBETALBTA
DIMENSION X1(6)o DGDX(6)
DO 20 I = 1, N .

20 X1(T) = MXNC(I) = AL(I)%*XXX®ZSDXN(I)

CALL GDGDX(X1,G.DGDX)
F =G

DERF = 0.0
DO 21 I = 19 N
OXDE = —AL(I)*SDXN(I)
21 DERF = DERF + DGDX(1)*DXD9

END

SUBROUTINE FRECHE(XsUesAL ¢ MXNsSDXN)
REAL MXN

A = (U/X)*xkAL

FC = EXP(=A)

FD = FCRAXAL/X

CALL XNORM{XoFCoFDoMXNg SDXN)
RETURN :

END

SUBROUTINE FXX{XsFeDERF)
COMMON/FXNORM/FC1

PHIX = 04398942%EXP (=X%*X/24)

F o= PHIXE((1e/X)=(1a/X%%3)+(3e/X%%5))~FC1
DERF = ~PHIX¥{1e+156/X%*6)

RETURN

END

SUBROUTINE GAMMAL(X<LAM.KeMXNsSDXN)
REAL LAMs Ko MXN

XX = LAM®X

CALL GAMMA(K,GK,$21,822)

FC = GAMIN(XXoK)

FD = LAM&XX#%(K=1)%EXP (-XX)/GK
CALL XNORM(XsFCsFDsMXNsSDXN)

RETURN
21 WRITE(60200)
200 FORMAT (**%%L0G10(GX) HAS BEEN COMPUTED®xx%x?)
GO YO 23
22 WRITE(60201)
20 FORMAT (* *%*ARGUMENT 1S ZERO OR NEGATIVE®u%x!)
23 CALL EXIT
END

SUBROUTINE GDGDX(X+GsDGDX)

C EVALUATE G( ) AND ITS DERIVATIVES AT POINT X(I)e
DIMENSION X(1)+DGOX(1)
COMMON/CONSTS/N «NAL sNNR ¢ NITAL+EPSesNGsBs T
COMMON/ZNOMINL /Z/XN(H) +PF(6)

GO TO (14203) s+ NG
LIMIT STATE FUNCTION LINEAR IN BASIC VARIABLES.
1 G = X(1)

DGDOX(1) = 1.
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DO 22 I = 2+ N
IF(XN(I) +LT. 0.) GO TO 23
DGDX(1) = ~1.

GO TO 22
23 DGOX(T) = 1.
22 G = G + DGOX(I)%Xx(1)
RETURN
C
C INSERT OTHER LIMIT STATES NEEOFD
C
2 G = B*X(1)%*X(2) - X(3)
DGDX(1) = B8%X(2)
DGDX(2) = B*X(1)
DGDX(3) = -1,
RETURN
c
C MASONRY WALL INTERACTION CURVE.
3 R = X(3)/7(X(2)%*T)

IF(R +LTs 0e) GO TO 99
IF(R «GTs 0eS) GO TC 99
IF(R «GTs 0.166667) GO TO 31

C FAILURE SURFACE 1 = UNCRACKED SECTION
G = X(1) = (X(2)%T+6.%X(3))/(B*T%T)
DGDX{(1) = 1.
DGDX(2) = =1./(B*T)

DGDX(3) ~6e/7(B*T*T)

RETURN
C FAILURE SURFACE 2 - CRACKED SECTION.
31 A = +5%T - X(3)/X%X(2)

Cl = 2s/(3e%B%A)
G = X(1) - C1%X(2)

DGDX(1) = 1.
DGDX(2) = =C1*%(1. ~ X(3)/7(A%X(2))})
DGDX(3) = =Ci/A
RETURN

C

99 PRINT 101 R

101 FORMAT(®*  X(3)/7(X(2)*%T) =9,Fl0.5+* IS OUT OF RANGE?)
CALL EXIT

C
END
SUBROUTINE GUMBEL(XsUs AL ¢ MXNsSDXN)
REAL MXN

A = EXP(=AL*x{X-U))
IF ( AeGTe745E=07 ) GO TO 1

FC = A~A%XA/2.
FD = (ALXA)%®(1.-FC)
GO TO 2

1 FC = EXP(=A)
FD = AL%XAXFC

2 CALL XNORM{XsFCoFD ¢+ MXN,SDXN)
RETURN
END

SUBROUTINE LOGNOR(XsUs AL ¢ MXNeSDXN)
REAL MXN

SDXN = AL=®X

MXN = Xx(1. = ALOG(X) + U)

RETURN

END

SUBROUTINE PARAME [
REAL MXy K
COMMON/ INSTAT/DIST(B6)+R(E6)I s MX(5)+CVXI(B)+KIB),U(E)UL(6)4U2(6)
COMMON/CONSTS/N
COMMON/NOMINL/ZXN(6)+PF(6)
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NnNowo

140

150

SUBROUTINE COMPUTES THE DISTRIBUTION PARAMETERS FOR THOSE
VARIABLES WHICH ARE NON-NORMAL
FROM THE MEANS, COEFFICIENTS OF VARIATION INPUT

DO 91 =14 N

R(I) = vi(D)

CYX(I) = va(t)

MX(I) = ABS(XN(I)I®*R(1)}))

LOAD VARIABLE PARAMETERS

DO 20 I = 24 N

IF(DIST(I) .EQ. 'NORMAL') GO TO 20
IF(DIST(I) +EQs *LCGNCR') GO TO 12
IF(DIST(I) .EQ. 'GAMMMA') GO TC 13
IF(DIST(I) +EQe *GUMBEL') GO TO 14
IF(DIST(1I) +EQGe 'FRECHE') GO TO 1S
IF(DIST(I) «EQe *WEIBUL') GO TO 16

UCI) = ALOGIMX(I)/SQRT(1++CVYX(IDI%RCVX(I)))
K(I) = SQRT(ALOG(1.+CVX(I)%*CVX(1)))

GO TO 20

K(I) = 1+/(CVX(I)%CVX(1)})

U(I) = K{I)/MxX(1)

GO TO 20

IF(U2(1) +GT. 1.,0) GO TC 140
SDX = MX(I)%CvX(I)

K{I) = 1.282/50X
U{I) = MX(I) = 0,5772/K(1)
GO TO 20

UCI) = U1 (1)*XN(I)

K(I) = ABS(U2(I1)/XN(I))
MXC(I) = U(I) ¢ 0.,5772/K(1)
CVX(I) = 1.282/7(K(1)%MX(1))
R{I) = ABS(MX(I)/XN(I))

GO TOQ 20

IF(U2(1) +GTe 14) GO TO 150
K(I) = 2e33/(CVX(1)%*%0,677)

Cl = 1e = 14/K(D)

CALL GAMMA{C10GCl,%21,8$22)

UCI) = MX(I)/GC1

GO TO 29

u(r) ULCX)RXNCT)

K(1) u2(I1)

Cl = le = 1./7K(1)

C2 = 1o = 2./K(1)

CALL GAMMA(C19GC1,%21,%22)

CALL GANMA(C2yGC2¢ $210%22)

MX(I) = U(I)*GClL

CYX(1) = SQRT(GC2/7(GC1*%2) -~ 1.1
R{(1) = ABS(MX(1)/XN(1)) ‘

GO TO 20

K(I) = 1./7¢CYX(1)%%1,08)

Cl = 1e + 14/7K(1)

CALL GAMMA(C19GCl,%214+3%22) P
U(I) = MX(1)/GC1

CONTINUE
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C COMPUTE PARAMETERS FOR RESISTANCE VARIABLE
ENTRY PARAMR
IF(DIST(1) +EQe *NORMAL®') GO TO 31
IF(DIST(1) +EQe 'LOGNOR') GO TO 32
IF(DIST(1) «EQs *"WEIBUL') GO TO 33

32 K{1) = SQRT{ALOG(1.4+CVX(1)*CVX(1})))
U(1) = ALOGIMX(1)/SORT(1.+CVYX(1)%CVX(1)))
GO TO 31

33 K(1) = 1./7(CVX(1)%%1.08)

Cl = 1. 4+ le/K(1)
CALL GAMMA(C1,9GC1,321,322)
U1) = Mx(1)/6C1

31 RETURN

C

21 WRITE(60200)

200 FORMAT( ' %% 0G10(GX) HAS BEEN COMPUTED#*®*%?)
G0 TO 23

22 WRITE(69201)

201 FORMAT (*#*%ARGUMENT IS ZERO OR NEGATIVE**%?)
23 CALL EXIT
END

SUBROUTINE NI(X+sFCT oXSTEPSSIEND,IER)
IER = O
X = XST
TOL = X
CALL FCT(TOLsFeDERF)
TOLF = 100+*EPS
DO 6 1 = 1, 1IEND
IF(F)1le741
1 IF(DERF) 2,842
2 DX = F/DERF
xXP = X
X = X = DX

a O

PREVENT NEGATIVE ROOT COR CVERSHOCTING
IF(X «LEes 040) X = XP/10.

TOL = X

CALL FCT(TOLoFo¢DERF)
TOL = EPS

A = ABS(X)
IFCA=14¢)40493

TOL = TOL*A

IF(ABS(DX) = TOL) 54546
IF(ABS(F) = TOLF) 74746
CONTINUE

IER = 1

RETURN

1ER = 2

RETURN

END

omew

® N

SUBROUTINE WEIBUL(XsUs AL ¢ MXN,SOXN)
REAL MXN
A = (X/7U)#xAL
FC = EXP(=-A)
FD = AL%ARFC/X
= ls = FC
CALL XNORM{XsFCoFDoMXNs SDXN)
RETURN
END
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SUBROUTINE XNORM(X+FCeFD o MXNsSDXN)
EXTERNAL FXX
COMMON/CONSTS/NINAL sNNR N ITAL «EPS

COMMON/ FXNORM/FC1

FC1 = FC

REAL MXN

IF ( FCuaGTa7.5E=-07 } GO 7O 1

XSY = 4.8

CALL FRTNI (XXeFXXoXSToEPSoNNRe [ER)
GO TO 2

1 XX = TINCRM(FC,%21)
2 SDXN = 0.398942*EXP(=XX%XX/24)/FD
MXN = X = XX%¥SDXN

RETURN

21 WRITE(6¢100) FC

100 FORMAT(10Xo * #¥%x%EXIT CALLED FROM XNORM = FC =t E1545)
CALL EXIT
END

@ U. 5. GOVERNMENT PRINTING OFFICE : 1980 311-046/118
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which the Bureau is active. These include physics. chemistry,
engineering, mathematics, and computer sciences. Papers cover a
broad range of subjects, with major emphasis on measurement
methodology and the basic technology underlying standardization.
Also included from time to time are survey articles on topics
closely related to the Bureau's technical and scientific programs.
As a special service to subscribers each issue contains complete
citations to all recent Bureau publications in both NBS and non-
NBS media. Issued six times a year. Annual subscription: domestic
$17; foreign $21.25. Single copy, $3 domestic; $3.75 foreign.
NOTE: The Journal was formerly published in two sections: Sec-
tion A “Physics and Chemistry” and Section B ‘““Mathematical
Sciences.”

DIMENSIONS/NBS—This monthly magazine is published to in-
form scientists, engineers, business and industry leaders, teachers,
students, and consumers of the latest advances in science and
technology, with primary emphasis on work at NBS. The magazine
highlights and reviews such issues as energy research, fire protec-
tion, building technology, metric conversion, pollution abatement,
health and safety, and consumer product performance. In addi-
tion, it reports the results of Bureau programs in measurement
standards and techniques, properties of matter and materials,
engineering standards and services, instrumentation, and
automatic data processing. Annual subscription: domestic $11;
foreign $13.75.

NONPERIODICALS

Monographs—Major contributions to the technical literature on
various subjects related to the Bureau's scientific and technical ac-
tivities.

Handbooks—Recommended codes of engineering and industrial
practice (including safety codes) developed in cooperation with in-
terested industries, professional organizations, and reguiatory
bodies.

Special Publications—Include proceedings of conferences spon-
sored by NBS, NBS annual reports, and other special publications
appropriate to this grouping such as wall charts, pocket cards, and
bibliographies.

Applied Mathematics Series—Mathematical tables, manuals, and
studies of special interest to physicists, engineers, chemists,
biologists, mathematicians, computer programmers, and others
engaged in scientific and technical work.

National Standard Reference Data Series—Provides quantitative
data on the physical and chemical properties of materials, com-
piled from the world’s literature and critically evaluated.
Developed under a worldwide program coordinated by NBS under
the authority of the National Standard Data Act (Public Law
90-396).

NOTE: The principal publication outlet for the foregoing data is
the Journal of Physical and Chemical Reference Data (JPCRD)
published quarterly for NBS by the American Chemical Society
(ACS) and the American Institute of Physics (AIP). Subscriptions,
reprints, and supplements available from ACS, 1155 Sixteenth St.,
NW, Washington. DC 20056.

Building Science Series—Disseminates technical information
developed at the Bureau on building materials, components,
systems, and whole structures. The series presents research results,
test methods, and performance criteria related to the structural and
environmental functions and the durability and safety charac-
teristics of building elements and systems.

Technical Notes—Studies or reports which are complete in them-
selves but restrictive in their treatment of a subject. Analogous to
monographs but not so comprehensive in scope or definitive in
treatment of the subject area. Often serve as a vehicle for final
reports of work performed at NBS under the sponsorship of other
government agencies.

Voluntary Product Standards—Developed under procedures
published by the Department of Commerce in Part 10, Title 15, of
the Code of Federa! Regulations. The standards establish
nationally recognized requirements for products, and provide all
concerned interests with a basis for common understanding of the
characteristics of the products. NBS administers this program as a
supplement to the activities of the private sector standardizing
organizations.

Consumer Information Series—Practical information, based on
NBS research and experience, covering areas of interest to the con-
sumer. Easily understandable language and illustrations provide
useful background knowledge for shopping in today’s tech-
nological marketplace.

Order the above NBS publications from: Superintendent of Docu-
ments, Government Printing Office, Washington, DC 20402.

Order the following NBS publications—FIPS and NBSIR s—from
the National Technical Information Services, Springfield, VA 22161.

Federal Information Processing Standards Publications (FIPS
PUB)—Publications in this series collectively constitute the -
Federal Information Processing Standards Register. The Register
serves as the official source of information in the Federal Govern-
ment regarding standards issued by NBS pursuant to the Federal
Property and Administrative Services Act of 1949 as amended,
Public Law 89-306 (79 Stat. 1127), and as implemented by Ex-
ecutive Order 11717 (38 FR 12315, dated May 11, 1973) and Part 6
of Title 15 CFR (Code of Federal Regulations).

NBS Interagency Reports (NBSIR)—A special series of interim or
final reports on work performed by NBS for outside sponsors
(both government and non-government). In general, initial dis-
tribution is handled by the sponsor; public distribution is by the
National Technical Information Services, Springfield, VA 22161,
in paper copy or microfiche form.

BIBLIOGRAPHIC SUBSCRIPTION SERVICES

The following current-awareness and literature-survey bibliographies
are issued periodically by the Bureau:

Cryogenic Data Center Current Awareness Service. A literature sur-
vey issued biweekly. Annual subscription: domestic $25: foreign
$30.

Liquefied Natural Gas. A literature survey issued quarterly. Annual
subscription: $20. '

Superconducting Devices and Materials. A literature survey issued
quarterly. Annual subscription: $30. Please send subscription or-
ders and remittances for the preceding bibliographic services to the
National Bureau of Standards, Cryogenic Data Center (736)
Boulder, CO 80303.
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