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PREFACE

Backaround

Responding to the need for improved engineering and scientific
practices through e:xchange of technical data and information,
research personnel, and research equipment, the United States
and JAPAN in 1961 created the US-JAPAN Cooperative Science
Program. Three collateral programs comprise the Cooperative
Science Program. The US-JAPAN Natural Resources Development
Program (UJNR), one of the three, was created in January
1964. The objective of UJINR is to exchange information on
research results and exchange scientists and engineers in

the area of natural resources for the benefit of both
countries. UJNR is composed of 17 Panels each responsible
for specific technical subjects.

The Panel on Wind and Seismic Effects was established in 1969.
Seventeen U.S. and six Japanese agencies participate with
representatives of private sector organizations, to develop
and exchange technologies aimed at reducing damages from high
winds, earthquakes, storm surge, and tsunamis. This work is
produced through collaboration between U.S. and Japanese member
researchers working in ten task committees. Each committee
focuses on specific technical issues, e.g., earthquake strong
motion data. The Panel provides the vehicle to exchange
technical data and information on design and construction of
civil engineering lifelines, buildings, and water front
structures, and to exchange high wind and seismic measurement
records. Annual meetings alternate between JAPAN and the U.S.
(odd numbered years in JAPAN; even numbered years in the
U.S.). These one-week technical meetings provide the forum
to discuss on-going research and research results; one-week
technical study tours follow the meetings.

The National Institute of Standards and Technology (NIST)
provides the U.S.-side chairman and secretariat. The
Public Works Research Institute (PWRI), JAPAN, provides the
JAPAN-side chairman and secretariat.

The Fanel has organized formal joint research programs. In
1981 cooperative research in Large-Scale Testing commenced
under the auspices of the Panel. Also in 1981, joint research
on Reinforced Concrete Structures was initiated. Full-scale
testing was performed at the Building Research Institute (BRI},
JAPAN, one of the six Japanese member organizations, with
supporting tests in JAPAN and in the U.S. Two years later

a joint research program on Steel Structures was initiated.
Full-scale testing again was led by BRI with supporting tests
in the U.S. and JAPAN. The US-JAPAN coordinated program for
Masonry Building Research was started in 1985. A coordinated
program for testing lifeline structures resulted in NIST’s
testing of full-scale bridge piers in its 50 Mn universal



testing facility to evaluate post-1972 seismic design criteria.

Task Committee meetings, exchanges of data and information
through technical presentations at the annual Panel meetings,
exchanges of guest rese ‘hers, visi - to respective research
laboratories and informa. interactions wn<tween Panel meetings,
joint workshops and seminars, and joint cooperative research
programs have contributed to the development and effective
delivery of knowledge that has influenced design and
construction practices in both countries.

Direct communication between counterpart country organizations
is the cornerstone of the Panel. Effective information
exchanges and exchanges of personnel and equipment have
strengthened domestic programs of both countries. There

are opportunities for experts in various technical fields

to get to know their foreign counterparts, conduct informal
exchanges, bring their respective views to the frontiers of
knowledge, and advance knowledge of their specialties.

The Panel’s results have supported improvements in practices
in both countries, they have for example:

1. created and exchanged digitized earthquake records
for use as the basis of research for Japanese and
U.S. geotechnics and structures;

2. produced data that advanced U.S. design and
construction of bridge columns:

3. produced large-scale testing data that advanced
seismic design standards for buildings:;

4. created a database comparing Japanese and U.S.
standard penetration tests tc improve seismic
design criteria for soil liquefaction;

5. created databases on storm surge and shore line
interaction and on tsunamis and tsunami warning
systems for use by designers to verify mathematical
models of tsunamis and storm surge.

22nd Joint Panel Meeting

The 22nd annual U.S.-JAPAN Joint Panel meeting was held at
NIST during 15-18 May 1990. Thirty-seven U.S. members from
17 Federal agencies, universities, and a trade association
participated. JAPAN-side participation included twelve
members from their six member Government agencies and one
from academia. Thirty-nine papers were authored; 21 by U.S.
members and 18 by Japanese. Thirty-two oral presentations
centered on: Wind Engineering; Earthquake Engineering;
Storm Surge and Tsunamis; US-Japan Cooperative Masonry
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Research Program; Loma Prieta Earthquake of 17 Gctober 1989;
and reports from just completed Panel Task Committees Workshops
on "Repair, Retrofit, and Performance of Structures"” and the
éth Bridge Workshop on "Analysis, Design, Performance, and
Strengthening of Bridges".

Some highlights of the meeting are listed below:

o eight of the Panel’s ten Task Committees scheduled
workshops within the coming 12 months;

o a tenth Task Committee was created on Passive, Active,
and Hybrid Control Systems:

o a joint initiative was approved in support of the
International Decade for National Disaster Reduction
(IDNDR): work starts with an international workshop
in JAPAN, May 1991; joint U.S.-JAPAN research
will be identified for targeted countries;

o two Japanese reports on base isolation systems were
translated into English for distribution to the U.S.
engineering community.

Refer to Resolutions of the 22nd Joint Meeting in this
section for additional Panel information; refer to Task
Committee Reports, found at the end of these Proceedings,
for specific Panel accomplishments.

During the following week, 19-26 May, Panel members visited
construction projects, disaster areas, and laboratories
including:

Sunshine Skyway Cable Stayed Bridge, Tampa FL. A 1200 foot
main span, 4.1 mile cast in place $250 million bridge replaced
a twin truss bridge destroyed by a freighter in 1980. This

is one of 12 completed cable-stayed bridges in the U.S. A
set of three shock absorbers serve as effective damping
devices for cable vibration.

Historic Charleston Foundation and The Citadel, Charleston,
SC. A two day workshop tocused on effects of Hurricane

Hugo of 21 September 1989 and strengthening and rehabilitating
contemporary and historic structures against multi-hazard
environments. A tour of hurricane damages was made through
historic Charleston and to two barrier islands -- Sullivan
and Isle of Pine. Workshop concluded with a TV press
conference.

Harbor (I-110) Transitway and Bridge Retrofit, Los Angeles

CA. CALTRANS hosted visits to construction of I-110’s 2.6
mile elevated bus/carpool HOV freeway section of the 19.6
mile ($435 million) at-grade highway linking San Pedro to
Santa Monica. At the interchange of Routes 10/210 discussions
focused on CALTRANS retrofit of the elevated bridge ramp to
better resist earthquake loads.



Offshore Platform Conference, Long Beach, CA. Four
presentations were made followed by visit to an offshore
platform:

- Mineral Management Service, DOI is the regulatory agency
for the offshore oil and gas industry. They lease sea plots
(3 X 3 miles) between the 3 and 200 mile limit (some are
between the 9 and 200 mile limit).

- Sandia National lLaboratory described a new long-life
seafloor earthquake measurement system (SEM) to collect
earthquake data near offshore oil production fields. The
SEM is battery-powered (8 yr. expected life) digital data
acquisition system that telemeters data by a sonar link.
SEM earthquake data indicates the seafloor’s vertical
acceleration is nearly an order of magnitude weaker than
corresponding on-shore vertical motions. The data show that
dryland shakes in vertical and horizontal directions while
seafloors shake predominately in horizontal directions,
These results aid in designing earthquake resistant
offshore structures.

- Scripps Oceanographic Institute has a joint project
with the Port and Harbour Research Institute, JAPAN; one of
the six Japanese Government members participating in the
Panel. The joint work involves developing numerical models
for creating computer codes for seismic response analysis
of offshore structures’ pile foundations and model tests.

- Shell Oil Company leases sea plots off the east,
south, and west U.S. coasts. Platforms in the southern
California area are designed for strength of a 200 year
return period and ductility for a 1000 year return period.
Service-life of structures is 20 years.

The Panel members visited the offshore platform Eureka,
located nine miles off-coast of Long Beach, CA. The
structure is adjacent to the Palos Verde fault. Its
discovery well was drilled in 1976; pumping commenced in
1980. Three platforms are operational in this area; 2-
drilling (Eureka and Ellen) and l-production (Elly). Ellen
and Elly are in 265 feet of water (weight, 24K tons).
Eureka is about one mile away and is in 700 feet of water.
Its weight is 38K tons. Each drilling platform has
capability to drill 80 wells; about 60 percent of well
drilling capacity has been used. Production of Eureka is
about 14K barrels per day.

UCSD Structural Engineering Laboratory, San Diego, CA.
Discussions centered on research on developing a systems
approach to seismic retrofits of bridge columns. Laboratory
work is heavily supported by CALTRANS. Observed testing a
retrofitted concrete column to earthquake loads. The
procedure involves wrapping a column with prestressed wire.
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Testing reveals this procedure to be effective against seismic
loads. Also observed was a test specimen portion of a
full-scale bridge deck which was retrofitted against
earthquakes.

The Panel’s efforts are exemplary of effective joint research
and of technology delivery between researchers from JAPAN and
the U.S. Since its conception 22-years ago, about 2000 papers
have been presented, more than 40 joint workshops and
conferences have been held, and over 100 guest researchers
have been exchanged. Published proceedings document the
Panel’s work. The Panel provides important information

about the U.S. and Japan’s civil engineering thrusts which
influence both countries’ research and provide the basis

for improvements in building codes and standards.

Lastly, this work was made possible by financial support
from the: Bureau of Reclamation; Corps of Engineers;
Department of State; Federal Emergency Management Agency:
Federal Highway Administration; Minerals Management
Service; National Science Foundation; Naval Facilities
Engineering Command; and Nuclear Regulatory Commission.

Noel J. RAUFASTE, Secretary
U.S.~Side Panel on Wind and Seismic Effects



ABSTRACT

The 22nd Joint Meeting of the U.S.-Japan Panel on Wind and
Seismic Effects was held at the National Institute of
Standards and Technology during May 15-18, 1990. This
publication, the proceedings of the Joint Meeting, includes
the program, list of members, panel resolutions, task
committee reports, and 39 technical papers.

The papers were presented under six themes: (I) - Wind
Engineering, (II) - Storm Surge and Tsunamis, (III) -
Joint Cooperative Research Program, (IV) - Earthgquake
Engineering, (V) - Loma Prieta Earthquake, and (VI) -
Summaries of Task Committee Workshop Reports.

KEYWORDS: accelerograph; bridges; codes; concrete; design
criteria; disaster; earthquakes; geotechnical engineering;
ground failures; inelastic; lifelines; liquefaction; Loma
Prieta; masonry; repair and retrofit; risk assessment;
seismicity; soils; standards; storm surge; structural
engineering; tsunami; and wind loads.
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AGENDA FOR 22nd JOINT UJNR MEETING

Tuesday 15 May
0930 Meet in Lobby of Holiday Inn for NIST Shuttle Bus
to Administration Building
1000 OPENING CEREMONIES (Lecture Room B, Administration
Building)

Call to order by Noel RAUFASTE, Secretary-General

US Side, UJINR Panel

Opening remarks by John LYONS, Director, National
Institute of Standards and Technology

Remarks by Takashi KISAKA, Counsellor for Science
and Technology, Embassy of JAPAN

Remarks by Richard N. WRIGHT, Chairman US Side,
UJINR Panel

Remarks by Toshio IWASAKI, Chairman JAPAN Side,
UJNR Panel

Introduction of US Members by US Panel Chairman

Introduction of JAPAN Members by JAPAN Panel
Chairman

Elect Joint Meeting Chairman

Adopt Agenda

Piscuss Panel’s contributions to IDNDR (Panel
Chairmen to review international statements
and respective JAPAN/US National Committee

activities)
Adjourn
1130 Group Photograph
1200 Lunch: Hosted by John LYONS, Director NIST



1300-1500

1300-1320
1320-1340

1340-1400

1400-1420
1420-14490
1440-1500

THEME - WIND ENGINEERING

Technical Session -
Chairman: Toshio IWASAKI

Meteorological Data from Hurricane Hugo, Joseph H.
GOLDEN*, NOAA

Monitoring the Aerodynamic Performance of a
Classic Suspension Bridge, Harold R. BOSCH*, FHWA
Cooperative Research Program on Wind Tunnel
Testing in Turbulent Flow, Koichi YOKOYAMA*,
Robert L. WARDLAW, Hiroshi SATO, Takaaki KUSAKABE,
Michael G. SAVAGE

Wind on Offshore Platforms, Charles SMITH®, MMs
Discussions

Break

(* identifies oral presenters)

1500-1700

1700

1815

1930
2200

TASK COMMITTEE MEETINGS

T/C Meetings

T/C "A", Employees Lounge

T/C "C" & "D", Lecture Room B

T/C "F", CBT Conference Room, Bldg 226, Rm B221

T/C "1I", Building Materials Conf. Room, Bldg 226,
Rm. A368

Conclusion of Day 1

Meet at Lobby of Holiday Inn; travel by bus to
BLACKIE’S HOUSE OF BEEF, 22nd and M Street N.W.,
Washington, DC

US Members Hosted Dinner at BLACKIE’S HOUSE OF BEEF
Return to Holiday Inn

xiv



0800

0830-1010

0830-0850
0850-0910
0910-0930

0930-0950

0950-1010

1010~-1150

1010-1030

1030-1050

1050-1110

1110-1130

1130-1150

1200-1300

¥ednesday 16 May

Meet in lobby of Holiday Inn for NIST Shuttle Bus
to Administration Building

THEME - STORM SURGE AND TSUNAMIS

Technical Session - Storm Surge and Tsunamis
Chairman: Richard WRIGHT

Deep Ocean Recordings of Tsunamis, Frank I. GONZALEZ*,
NOAA/PMEL

Measurement and Modeling of Coastal Storm Effects,
William E. ROPER H. Lee BUTLER, Andrew GARCIA, CORPS
Storm Surge Modeling in the United States, Chester

P. JELESNIANSKI* , Jye CHEN, Wilson A. SHAFFER, NOAA/NWS
Discussions

Break

THEME - JOINT COOPERATIVE RESEARCH

Technical Session -
Chairman: Richard WRIGHT

Precast Concrete Structure, Shin OKAMOTO; Shinsuke
NAKATA*; Hisahiro HIRAISHI; Takashi KAMINOSONO;
Hitoshi SHIOBARA; Mizuo INUKAI

U.S. Coordinated Program for Masonry Building
Research Fifth Year Status, James L. NOLAND (Presented
by H.S. LEW)

Design Guidelines of Medium Rise RM Buildings,
Yutaka YAMAZAKI; Shin OKAMOTO®; Tsuneo OKADA;
Akira MATSUMURA; Toshiyuki KUBOTA

U.S.-JAPAN Cooperative Research on Hybrid Control
of Seismic Response of Bridge Structures, Jiro

TAGUCHI:; Toshio IWASAKI, Yoshio ADACHI; Yasushi
SASAKI; Kazuhiko KAWASHIMA

Discussions

Lunch: Hosted by Denis KWIATKOWSKI, Assistant

Associate Director, Office of Natural and Technological
Hazards Programs, FEMA



1300-1440

1300-1320

1320-1340

1340-1400

1400-1420

1420-1440

1440-1700

1700
1800

THEME - EARTHQUAKE ENGINEERING

Technical Session - -
Chairman: Richard WRIGHT

lLateral Resistance of a Pile, Michio OKAHARA;
Shoji TAKAGI; Keiji TAGUCHI (Presented by Koichi
YOKOYAMA)

Major Seismic Building Upgrades at the Lawrence
Livermore National Laboratory, Frank J. TOKARZ,
LINL; Gary E. FREELAND*, LLNL; James R. HILL, DOE
Attenuation Characteristics of Ground Strains
Induced During Earthquakes, Ken-ichi TOKIDA:;
Keiichi TAMURA*; Koh AIZAWA

Discussions

Break

TASK COMMITTEE MEETINGS

Task Committee Meetings

T/C "B" Employees Lounge

T/C "E" Lecture Room B

T/C "H" Conference Room Bl113
T/C "J" Conference Room Bl1ll

Conclusion of day 2
Individual US members hosted dinners



Thursday 17 May
THEME - EARTHQUAKE ENGINEERING

0830 Meet in Lobby of Holiday Inn for NIST Shuttle Bus
to Administration Building

0900-1200 Technical Session - -
Chairman: Toshio IWASAKI

0900-0920 Dynamic Centrifugal Model Tests of Embankments on
Liquefiable Grounds, Yasuyuki KOGA; Junichi KOSEKI
{Presented by Keiichi TAMURA)

0920-0940 Seismic Resistance Requirements of Roller Compacted
Dams, Alan T. RICHARDSON* and Louis H. ROZHM,
BUREC

0940-1000 Damage of Soil Liquefaction Caused by Earthquakes
and Use of Geomorphological Maps, Takekazu AKAGIRI*

1000-1020 Discussions

1020-1040 Break

1040-1100 Dynamic Deformation Characteristics of Compacted
Rockfills by Cyclic Torsional Simple Shear Tests,
Norihisa MATSUMOTO; Nario YASUDA; Masahiko OKUBO;
Yasushi KINOSHITA (Presented by Kinji HASEGAWA)

1100-1120 Allowable Residual Displacement of Gravity
Quaywall Given by Optimum Seismic COeff1c1ent from
Economical Viewpoint, Tatsuo UWABE"

1120-1140 The Relation Between the Building Damages and the
Vibration Properties of Ground (1n the case of
Spitak Earthquake), Keiichi OHTANI*; Hiroyoshi
KOBAYASKI

1140-1200 Discussions

1200-1300 Lunch: Hosted by Robert D. HANSON, Director,
Biological and Critical Systems Division, NSF

1300-1440 Technical Session - Earthquake Engineering Part III
Chairman: Toshio IWASAKI

1300-1320 New Seismic Design Specifications of Highway
Bridges in Japan, Toshio IWASAKI, Kazuhiko
KAWASHIMA; Kinji HASEGAWA*

1320-1340 Scatter of Mechanical Propertles of Structural
Steels Recently Supplied in Japan, Hirofumi aokr*
Hiroyuki YAMANOUCHI

1340-1400 Development on Effective Use of New Materials for
Building Structures, Hiroyuki YAMANOUCHI; Tatsuo
MUROTA (Presented by Hirofumi AOKI)

1400-1420 Discussions

1420-1440 Break



1440-1540

1440-1500

1500-1520

1520-1540

THEME - T/C WORKSHOP REPORTS

Technical Session - Summary T/C Workshop Reports
Chairman: Toshio IWASAKI

T/C "C&D" Workshop on Repair and Retrofit and
Performance of Structures (Presented by Shin OKAMOTO)

T/C "J" Workshop on Bridges (Presented by James
COOPER)

Discussgions

1540 End of Technical Sessions

1540-1630

1630

1730

1830

T/C Chairmen Meeting with Panel Secretaries to

review T/C meetings, T/C reports, and IDNDR.

Conclusion of Day 3

Depart Holiday Inn for Potomac River Cruise on the
, 6th and Water Streets S.W.,

wWashington, DC

Cruise on The Spirit of Washington



0800

0830-~1200

0830-0845

0845-0900
0900-0915
0915-0930
0930-0950

0950-1010
1010-1025

1025-1040

1040-1055

1055-1115
1115-1145

1145-1200

1200-1300

Meet in Lobby of Holiday Inn for NIST Shuttle Bus
to Administration Building

THEME - LOMA PRIETA EARTHQUAKE

Technical Session - Ioma Prieta Earthquake
Chairman: Richard N. WRIGHT

Initial Overview of the San Francisco Bay and

Santa Cruz Mountains Ground Motion, Gerald BRADY?,

USGS

Site Response and Liquefaction, Ellis KRINITZSKY

and Gus FRANKLIN , WES/CORPS

Dam Performance During the Loma Prieta Earthquake

of October 17, 1989, Robert B. MacDONALD*, BUREC
Performance of Wood-Framed Structures in the Loma
Prieta Earthquake, John TISSELL*, American Plywood

Association

Discussions

Break

Seismic Performance of Nonstructural Elements

During the Loma Prieta Earthquake, T.T. SOONGY¥,

NCEER and SUNY

Socioeconomic Impact of Lifeline Performance
elated to the Loma Prieta Earthquake, Ronald
EGUCHI* and M. PHIPPS, Dames and Moore

Lifelines Performance During the October 17, 1989

Loma Prieta Earthquake, M. KHATER and C. SCAWTHORN,

EQE Engineering, Jerry 1ISENBERG, Weidlinger

Associates, L. LUND, Consulting Engineer, T.

LARSEN, EQE Engineering, and Masanobu SHINOZUKA* '
Princeton University

Discussions

Summary Report on the Loma Prleta £arthquake of

October 17, 1989, Toshio IWASAKI*, Kazuhiko KAWASHIMA

Dlscus510ns

Lunch: Hosted by Walter W. HAYS, Deputy Chief
Research Applications, 0ffice of Earthquakes,
Volcanoes, and Engineering, USGS



TASK COMMITTEE REPORTS AND RESOLUTIONS

1300-1430 Task Committee Reports
Chairman: Richard N. WRIGHT

T/C A Strong Motion Instrumentation Arrays and Data

T/C B Large-scale Testing Program

T/C C Repair and Retrofit of Existing Structures

T/C D Evaluation of Performance of Structures

T/C E Natural Hazard Assessment and Mitigation through
Land-use Programs

T/C F Disaster Prevention Methods for Lifeline Systens

T/C H Soil Behavior and Stability During Earthquakes

T/C I Storm Surge and Tsunanmis

T/C J Wind and Earthquake Engineering for Transportation

Systems
1430-1445 Break

1445-1545 Adoption of Final Resolutions (including Panel
actions on IDNDR)

1545-1555 Break

CLOSING CEREMONIES

4555 Call to Order by N.J. RAUFASTE, Secretary- General
US Panel

Closing Remarks by Toshio IWASAKI, Chairman JAPAN
Panel

Closing Remarks by R.N. WRIGHT, Chairman US Panel
1615 Conclusion of Technical Sessions

1800 JAPAN~-side hosted dinner at the Japan Inn, 1715
Wisconsin Avenue, N.W. Washington, D.C.
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RESOLUTIONS

RESOLUTIONS OF THE TWENTY-SECOND JOINT MEETING
U.S.-JAPAN PANEL ON WIND AND SEISMIC EFFECTS (UJNR)

National Institute of Standards and Technology
Gaithersburg, MD 20899

May 15-18, 1990

The following resolutions are hereby adopted:

1.

The Twenty-Second Joint Panel Meeting provided an opportunity
to exchange valuable technical information which was
beneficial to both countries. In view of the importance of
cooperative programs on the subject of wind and seismic
effects, the continuation of Joint Panel Meetings is
considered essential.

The following activities have been conducted since the
Twenty-First Joint Meeting:

a. Guest researchers from both countries performed joint
research that advanced the state of wind and earthguake
engineering.

b. Technical documents, research reports and proceedings of

workshops were exchanged.

c. The Japanese MOC documents, on base isolation systems
for buildings were translated into English. They will
be reviewed by both sides for corrections and approval,
published, and disseminated to appropriate US and
Japanese engineering community members. The National
Technical Information Service of DoC will hold a press
briefing to promote the availability of these reports.

d. Workshops and a special Panel Theme were held:

a) Joint Workshop on Repair, Retrofit and Evaluation
of Structures, Task Committees (C) and (D), at
Gaithersburg, MD, May 12-14, 1990.

b) Sixth Bridge Workshop, Task Committee (J), at Lake
Tahoe, Nevada, May 7-12, 1990.

c) Held a special Panel Theme on “Loma Prieta
Earthquake of October 17, 1989" to summarize the
investigations performed by both sides.

Experiences from the post-Hurricane Hugo U.S. fact finding
team visits to the affected U.S. East Coast and to the Virgin
Islands on September 1989 were reported. Experiences fronm
the UJNR Coordinated Post-earthquake fact finding team's
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vigsits to the sites ¢of damaged structures from the October
17, 1989, Loma Prieta Earthquake were reported. The Panel
recognizes the importance of using these findings and
experiences and encourages similar exchanges of information
from future post-disaster investigations. Information
transfer will include reports,

seminars, and special Panel sessions as used at the Twenty-
Second Joint Meeting.

The Panel will continue to seek methods to contribute to the
International Decade of Natural Disaster Reduction (IDNDR)
such as exchanging Proceedings of Task Committees and Panel
Mectings with their respective Country's National Committees
of IDNDR, compiling bibliographies of research findings on
wind and seismic effects, and holding workshops and seminars.
This work will be performed by the U.S. and Japan Sides'
Secretaries.

The Panel approves the redefinitions of the scope of T/C "E"
which redirects its emphasis to ground motion, microzonation,
and seismic design forces. The Panel also approves its name
change to Task Committee (E} on "Ground Motion and Seismic
Design Forces™".

The Panel recognizes the importance of research being carried
out both in the U.S. and Japan on passive, active, and hybrid
control systems. At the recommendation of Task Committees
{B), (F) and (J), the Panel approves the establishment of a
new Task Committee (T/C "G") on Passive, Active, and Hybrid
Control Systems.

The Panel recognizes the importance of the work by both sides
in the US-Japan Joint Research Program on Precast Seismic
Structural systems (PRESSS). Information about the program
will continue to be exchanged during the coming year.

The Panel accepts each Task Committee's report developed
during the Twenty-Second Joint Meeting. Each report presents
objectives, current and proposed scope of work, and past and
expected accomplishments.

The Panel endorses the following proposed Task Committee
workshops:

a. Task Committee (A) is planning its 3rd Workshop on
Processing Strong Motion Records, with concentration on
array data. The workshop is targeted for May or June
1991.
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b. Task Committee (C) is planning a workshop on the Design
Approaches and Construction Methods for Repair and
Retrofit of Buildings and Structures; May, 1991, in
Japan.

c. Task Committee (D) proposes holding a workshop on
"Structural Performance Evaluation Methodologies" prior
to the 23rd Joint Panel Meeting in Tsukuba.

d. Task Committee (E) proposes holding a workshop on Ground
Motion and Seismic Design Forces in Japan in 1991.

e. Task Committee (F) proposes holding a workshop on
Disaster Prevention for Lifeline Systems, tentatively
scheduled in the U.S. in 1991.

f. Task Committee (H) proposes holding its second workshop
on Remedial Treatment of Potentially Liquefiable Soils,
in Japan, between October 1990 and March 1991.

g. Task Committee (I) will hold its workshop on Tsunamis,
in Honolulu in November 1990.

h. Task Committee (J) will hold its Seventh Bridge
Workshop, scheduled in Japan just prior to the 23rd UJNR
Joint Meeting.

Scheduling for these workshops shall be performed by the US
and Japan chairmen of the respective Task Committees with
concurrence of the Joint Panel chairmen. Results of each
activity shall be presented at the 23rd Joint Panel Meeting.

The Panel recognizes the importance of continued exchange of
personnel, technical information, research results, and
recorded data that lead to mitigating losses from earthquakes
and strong winds. The Panel also recognizes the importance
of using available large-scale testing facilities in both
countries. Thus, these activities should continue to be
strengthened and expanded and, as appropriate, share Task
Committee activities at other meetings that have technical
interests in the Task Committee activities. To facilitate
these exchanges, the Panel will provide official endorsement.

The Twenty-Third Joint Meeting of the UJNR Panel on Wind and
Seismic Effects will be held at PWRI, Tsukuba, Japan, May
1991. Specific dates, program, and itinerary will be
proposed by the Japan Panel with concurrence of the U.S.
Panel.
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Meteorological Data From Hurricane Hugo
by
Joseph H. Golden'
ABSTRACT

We shall describe and examine critically
the meteorology of Hurricane HUGO as it
passed through the Eastern Caribbean on
maximum surface winds and central pressure
place it as a Cateqgory 4 hurricane on the
Saffir/simpson scale. While it was
approaching the Leeward Islands,
reconnaissance aircraft measured a record-
tying 165 kts. Selected data from surface
sites, NOAA aircraft and satellites have
been gathered and will be wused to
synthesize HUGO’s evolving dynamic
structure as it ravaged the U.S. Virgin
Islands and Eastern Puerto Rico. Peak
winds and rainfall amounts were within the
envelcpe of axtrema produced by three
previous intense hurricanes which have
impacted the region this century. However,
we shall demonstrate that Hurricane HUGO
underwent some unusual mesoscale
oscillations in its track through the
Eastern Caribbean. Contrary to widespread
rumors in the news-media, we could find no
evi@ence frok an extensive aerial damage
survey of any tornadoes; however,
eyewitness accounts and damage assessments
both point to the periodic production of
destructive microbursts beneath the major
rainbands and eyewall of HUGO. Flooding
and landslides were minimal except for
serious urban flooding in San Juan, and
rainfall amounts up to 13-15 inches were
found in orographically favorable areas of
the islands. Finally, we shall summarize
overall forecasting performance for HUGO
in the caribbean, and conclude that,
overall, official track forecasts and
warning lead-times were better than 10-year
averages for previous tropical cyclones
affecting this area. We conclude by
pointing out the degraded state of the
surface and upper-air observing network in
the region and suggest follow-up research
and needed improvements in the network for
both forecasters and researchers.

KEYWORDS : Meteorology; forecasting;
warning; hurricane; wind; pressure;
reconnaissance.

loggice of the Chief Scientist, NOAA
Washington, D.C. 20235

1. INTRODUCTION

Hurricane HUGO had its origins in a strong
tropical disturbance which moved off the
African coast on September 9, 1989. The
disturbance vas accompanied by an area of
intense thunderstorms which was visible on
satellite imagery. The official National
Hurricane Center (NHC) track for HUGO
begins on the 10th, when a tropical
depression formned to the southeast of the
Cape Verde 1Islands (see Fig.l). HUGO moved
westward at a fast clip, 18 knots, across
the Eastern Atlantic, intensifying to
tropical storm stage on the 11th and full
hurricane on the 13th (Fig. 2 satellite
photo, when HUGO was about 1100 n mi east
of the Leeward Islands).

Hurricane HUGO therefore belongs to a class
of major hurricanes which has been termed
"Cape Verde" storms. These storms usually
originate from strong African wave
disturbances which intensify as they move
off the West African Coast and produce a

tropical depression (in rare cases,
tropical storm) as they pass close to the
Cape Verde Islands. This early

intensification and vortex development
climatologically favors further
intensification, as the storm traverses a
long stretch of very warm tropical Atlantic
waters at low latitudes (thus reducing
chances of weakening or early recurvature,
due to interactions with mid latitude

westerly flow aloft). Other notable Cape
Verde hurricanes of this century which have
affected Puerto Rico and the Virgin Islands
include the famous West Indian hurricane
of September 10-20, 1928; the "San Ciprian
storm®™ of 1932; the "Santa Clara storm"™ of
1956; Frederic and David, 1979: and Donna,
1960. The 1928 "San Felipe" hurricane
traversed the island of Puerto Rico from
the eastsoutheast and produce 30-year
record rainfalls (up to 25-30 inches), a
lowest barometer reading of 27.50" at
Guayama, and recorded windspeeds gusting
to 160 mph (probable peak gust). Addi-
tional details on the San Felipe Hurricane
are given by Fassig (1928). That same
hurricane reintensified after moving off

the northwest coast of Puerto Rico and
struck the Southeast Florida Coast as a
category 4 storm on the Saffir-Simpson
scale (Hebert et al, 1984). According to
Hebert and Taylor (1988), the September,
1928 hurricane was also the second
deadliest hurricane to affect the U.S.
during this century, killing 1836 people
in the Lake Okeechobee, Florida area (Table
1). Goodman (1989) did a statistical
analysis of these and other tropical storms
that affected Puerto Rico during 1886-1988.
He concluded (well before HUGO) that there
was at least a 50% probability of a
tropical cyclone "hit"™ or "near miss" in
Puerto Rico during the 1989 season. Other

3
Preceding page biank



interesting meteorological aspects of
Hurricane HUGO, in the context of the 1989
Atlantic hurricane season as a whole, are
discussed by Case (1990).

During the night of September 14, 1989,
Hurricane HUGO began to slow its forward
speed and turn more towards the westnorth-
west. This was in response to a weakening
of the high pressure ridge to the north of
the storm. As somatimes noted by hurricane
forecasters when a hurricane slows its
forward wmotion in a favorable tropical
air/ocean environment, HUGO appeared to
strengthen appreciably on the 14th and
15th. A visible NOAA-GOES satellite photo
of HUGO on the 14th is shown in Fig.3 (note
the well-developed eye).

2. AIRCRAFT RECONNAISSANCE

When the first NOAA reconnaissance aircraft
was able to reach HUGO at mid-day on the
15th, the central pressure in the eye was
918 mb, and one-minute sustained windspeeds
of 165 kts were measured at 1500 ft
altitude. These data indicated that HUGO
had intensified to a rare category 5 status
on the Saffir-Simpson scale (Hebert et al,
1984). Fig. 4 shows an enlarged visible
GOES satellite image of HUGO near the time
of the NOAA aircraft penetration. 1t
should be noted that the minimum pressure
found at this time ties the Atlantic record
{with Hurricane GLORIA, 1985, when it was
north of Puerto Rico). Fig.5a, 5b shows
the radar PPI reflectivity pattern measured
by the NCAA WP3D aircraft with its 5 cm
fuselage radar, and a NW-SE radar cross-

section through the hurricane’s eye
obtained with the 3 c¢m tail radar,
respectively (see Dodge et. al, 1990).

These remarkable photographs show that the
aeyawall sloped outward slightly with
height, and had hicher reflectivities
reaching greater heights (14 km) in the
northwestern sector than in the
southeastern portion of the wall-cloud.
Most unusual was the location of the
highest reflectivities (in excess of 50
dBz) in the southwest quadrant of the
eyewall. Close to the time of Fig. 5a,b,
one of the NOAA WP3D aircraft penetrated
the eyewall at 1500 £t (unfortunately, near
the reflectivity maximun in the
southwestern quadrant of the wall-cloud in
Fig. 5a). The aircraft-measured radial
plots of one-minute average tangential
winds and surface pressure are shown in
Fig. 6. Note that the pressure drops most
rapidly inward through the inner rainbands
and especially the wall-cloud of HUGO, to
a minimum of 918 mb in the eye itself.
Correspondingly, the extreme pressure
gradients in the same core region are
associated with windspeed maxima, at flight
altitude, of about 73 and 80 m/s (through
the SW and NE portions of the wallcloud,
respectively). During this flight

penetration, the NOAA aircraft experienced
extreme turbulence and/or windshear, lost
one of its four engines (which caught
fire), and dropped from 1500 down to 800
ft before recovering flight control and
circling inside HUGO’s eye. Fortunately,
the aircraft was able to return safely to
land at the nearest airport on Barbados.
Subsequent inspectinn revealed no
structural damage, and F. Marks and others
at NOAA/HRD/AOML in Miami are researching
the data taken during this and other
flights into HUGO; these data include
Doppler wind measurements made in the
rainbands of HUGO with the aforementioned
NOAA P-3 tail radar (see also Marks and
Houze, 1984, for Doppler analyses made on
Hurricane Debby).

3. MESOSCALE VARIATIONS IN STORM
AND STRUCTURE

The well-developed eye of HUGO approached
the Lesser Antilles during the afternoon
of the 16th. A remarkable striated
structure in the cirrus outflow clouds
emanating from the hurricane’s northern
portion is illustrated in the visible
satellite photo of Fig.7. A time-series
plot of aircrait-measured surface central
pressures and eye diameters estimated from
aircraft radars is shown in Fig.8. Note
that the time-history of surface pressure
in the eye begins near the time of the
record-equalling measurements on the
afternoon of the 15th--core pressures rose
appreciably during the following 24 hour
period. An unusual feature is that the
peak aircraft winds during the same period
remained nearly constant at about 140 mph.
Some of the problems in relating aircraft
reconnaissance winds, usually measured at
10,000 ft, to surface winds measured by
anemometers in hurricane have Dbeen
addressed by Powell (1980), Black et al
(1988) and Powell and Black (1990). Eye
diameters fluctuated during this sawe
period until mid-day on the 16th, when Air
Force reconnaissance aircraft reported a
double, concentric eyewall structure (the
significance of the double eyewall
structure for intense hurricanes was noted
by Willoughby et al, 1984 for a class of
hurricanes and Golden in the NAS/NRC Report
on Hurricane ALICIA, 1983 -~ see Savage gt
al, 1984). The outer eyewall diameter of
HUGO was about 30 km, and the inner one was
about 18 km across. An unusual feature of
the hurricane, as it passed through the
Lesser Antilles and Virgin Islands from
mid~day on the 16th through the morning of
the 19th (when it was northwest of Puerto
Rico) was the large fluctuations of the
eye’s diameter (from 15 to 35 km across,
see Fig.8).



4. IMPACTS ON THE ISLANDS

During the late night hours of Saturda
September 16, the eye of Hurricane Huéé
passed over the island of Guadeloupe
(see Pig.1, near 16.4°N, 61.8°W). The
capital city, Pointe-A-Pitre, reported a
final weather observation of heavy showers
and thunderstorms with NNW winds of 29 kts,
gusting to 84 kts. At the same time the
island of st. Maarten reported NE winds 13-
15 k?s, and St. Kitts, north winds 21 kts
gusting to 33 kts. Reports after HUGO'’s
passage over Guadeloupe revealed that about
half the capital was destroyed, including
the airport and there were 11 fatalities
(Table 2). HUGO continued moving
westnorthwestward into the Caribbean Sea
as a category 4 hurricane with peak
sustained winds of 140 mph (25 measured by
reconnaissance aircraft). Besides
Guadeloupe, the smaller island of
Montserrat to the northwest suffered severe
damages and 10 people were killed.

The storm slowved its forward motion to 8
kts during the day of the 17th and deepened
about 15 mb (flight-level maximum winds
from reconnaissance aircraft fluctuated
from 95-145 kts during the same period).
By the evening of the 17th, both satellite
and aircraft eye fixes indicated that HUGO
was turning more towards the northwest,
thgs'increasiwq the threat to the U.S. and
British virgin Islands, especially sSt.
Croix and St. Thomas, as well as thre
northeast coast of Puerto Rico. A basemap
of key islands and city locations cited in
the text is given in Fig.9. A GOES
satellite view of HUGO on the afternoon of
Sept. 17 is given in Fig.10.

St. Croix clearly experienced an unasually
prolonged battering of hurricane force (and
much greater) winds from late evening on
the 17th into the next morning. It was
noted in the $:00 p.m. AST advisory from
the National Murricane Center that sSt.
Croix reported sustained winds of 85 mph
and qusts to 97 wmph, with St. Thomas
reporting gusts to 90 mph during the
preceding hour. Both islands further
reported wind gusts of 100 mph during the
following hour. Figq.11 shows a mesoscale
analysis of HUGO’s track through the U.S.
Virgin Islands and Eastern Puerto Rico,
derived from San Juan’s NWS radar film and
NHC’3 official fixes. Note that by early
afternoon on the 17th, in response to
subtle, poorly-observed large scale changes
in HUGO’s environment (noted above), the
storm took a turn towaxrd a more
northwesterly course at 12 mph. The
impacts of the hurricane’s environment on
its present and future motion and the
density of observations on that scale were
considered by Chan et al (1980) and Peak
et al (1936). The eye slowed and executed
a trochoidai loop near Frederiksted, st.

Croix at around 0200 AST Sunday, September
18 (Fig.11)}, before slowly curving
westnorthwestward (also noted by Lawrence
and Mayfield, 1977 for another hurricane).
The eye also underwent some interesting
structural changes as it approached st.
Croix. These are documented in Fig.12, a
sequence of photos from the NWS 10 cm radar
at san Juan. Note the contractions and
expansions of the eye and the position of
the northern eyewall over St. Croix for
several hours late on the 17th into the
18th. Storm, damaging winds resumed over
St. Croix after eye passage around 0400 AST
on September 18. A composite analysis
derived from airborne 5 cm radar data and
flight-level (700 mb) winds on the NOAA P-
3 aircraft, as HUGO was approaching St.
Croix on the afternoon of the 17th, is
shown in Fig.13.a. Note the well-defined
circular wall cloud with strongest
reflectivities in the NW and SE quadrants,
and a swath of 135 kt maximum windspeeds
around the NE and E quadrants in Fig.13.
All surface observations from St. Croix and
St. Thomas airports ceased before mid-
afternoon on Sunday due to extensive wind
damage and communication outages. Our
overall assessment of structural damages
and probable surface windspeeds is given
by Marshall (1990) in a companion paper.
We can now understand the extensive nature
and severity of the damage on St. Croix
from examination of Figs.ll and 12.

After pummeling the U.S. Virgin Islands for
several hours, Hurricane HUGO slowly looped
into Vieques Sound during the predawn hours
of September 18, between the islands of

Culebra and Vieques (Figs.9,11). Note
especially the 2 well-defined trochoidal
loops in HUGO’s track on Fig.ll. Similar
hurricane track motions were documented for
hurricane ALICIA, 1983, prior to its
destructive landfall on Galveston Island,
Texas (Savage et. al. 1984) and for
Hurricane Carla, 1961. The most severe
surface damage found by our study team from
HUGO was on the islands of Culebra and St.
Croix, both of which were just to the right
of the cusp-points in Hugo’s track (see
Fig.11).

The damage on Vieques, to “he left of the
track, was not guite as extensive in scale
but was almost as severe. After brushing
the eastern portion of Vieques at around
0730 AST on the 18th, HUGO'’s eye looped

slowly westward over the northeastern
portion of Puerto Rico between 0800 and
0900 AST. Satellite data and San Juan
radar (Fig.12) indicate that the eyewall
on the west side of the eye moved over land
near the towns of Ceiba (Roosevelt Roads
NAS), Fajardo and Luquillo (see Figs.9,11),
while the east side of the eye remained
over water. It was during the last few
hours of HUGO’s approach to Puerto Rico
that Culebra probably experienced the



worst wind effects, with the southeasterly
flow (associated with the most dangerous
northeast quadrant of HUGO’s eyewall,
FPig.12) channeled through the hills on both
sides of the Ensenada Honda Harbor (Fig.9).
HUGO’s ill-defined eye appeared to bounce
NNW off the northeast coast of Puerto Rico
(Fig.11) and by noon on Monday, September
18, the eye was over water north of San
Juan with maximum sustained winds of 125
mph and minimum sea-level pressure of 957
nb. The storm’s radar structure, as
documented by the 5 cm belly raaar from the
NOAA WPID aircraft is shown in Fig.l13.b.
Note that the southeastern half of the
storm is nearly devoid of rainbands!

An analysis of the storm-total
precipitation from HUGO over Puerto Rico
is shown in Fig.14. Note that maximum
rainfall amounts of 10-14 inches are found
in the mountainous terrain (3,000 ft
maximum heights), near the center of the
island. These maxima occurred in
orographically-favorable locations (compare
with Figs.1ll and 12) which experienced
primarily strong upslope flow during HUGO's
passage. These rainfall amounts agree will
with those forecasted in the official NHC
advisories and bulletins on Hurricane HUGO
as it was approaching.

S. SOME UNIQUE DATA

A storm chaser, Jim Leonard, was able to
position  himself in a multi-story
condominium in Luquillo, and produced a
remarkable videotape of the approach and
passage of HUGO’s eye directly over him.
The videotape documents damaging wind and
rain effects on nearby structures during
major rainband and eyewall passages in
HUGO, as well as chaotic state of the
adjacent sea surface. He used a digital
barometer to measure a lowest pressure. San
Juan, which remained outside the eye,
recorded a minimum pressure of 970.3 mb.
The radar sequence in Fig.1l1l supports the
pressure data indications that HUGO was
tilling as it crossed the northeast coast
of Puerto Rico. However, we must emphasize
that the western eyewall passed just to the
east of the metropolitan San Juan, probably
affecting Loisa and Pinones (see Figs.9
and 11); moreover, this geometry is
entirely consistent with the large
gradations of damage and surge effects
(especially overwash) documented by the
tean from Catano eastward. Our assessment
of the damage to homes and commercial
buildings and probable associated windspaed
maxima is given in Marshall (1990).

A very unique aspect of Hurricane HUGO
occurred on the afternoon of the 18th, when
the storm was north of San Juan (Fig. 13).
During our interview with the
meteorologist-in-charge of the San Juan
WSFO, Israel Matos, he made the point of

recalling that he and some of his staff had
felt an earthquake on Puerto Rico on Monday
afternocon. We have since confirmed that
a magnitude 4.8 {Richter scale) earthquake
occurred at 1447 AST and it was centered
in the U.s. Virgin Islands. This was
certainly a significant earthquake event
in a seismically=-active area, and perhaps
further research is warranted on the
possible linkages to HUGO, if any.

6. QOBSERVATIONAL GARS

The team found an appalling lack of
recorded meteorological surface data,
especially winds, over Puerto Rico and the
U.S. Virgin Islands in HUGO’s path. As
noted in other recent NAS/NRC hurricane
study-team reports (e.g. Savage gt al, 1984
on Hurricane ALICIA), many anemometers were
in place, but most were either damaged or
destroyed by HUGO’s winds, or lacked
recording equipment and/or back-up power.
Only two wind records have been obtained
so far: one from the National Weather
Service (NWS) Forecast office at San Juan
Munoz Airport and the other at Roosevelt
Roads NAS both sites on Puerto Rico
(Figs.9,14). A time history of peak wind
gusts for these sites is shown in Fig.15
a,b, resp. Recall that San Juan Airport
probably experienced the fringes of HUGO's
western eyewall between (1300-1400 GMT,
while Roosevelt Roads NAS experienced the
eye itself about 1 1/2-2 hours earlier).

The NWS Forecast Office at San Juan
recorded peak qusts of 92 mph between 1350
and 1415 GMT, and the maximum sustained
wind speed was 77 mph. Adjustment for the
6.1 meter height of the F420 C anemometer
would increase the plotted windspeed in
Fig.15a by about 7 percent. The fastest
mile speeds for standard conditions were
derived from the measured 10-minute mean
speeds using the procedure described by
Marshall (1984), and the maximum value of
88 mph occurred at 1350 GMT. Similarly,
the anemometer site at Roosevelt Roads is
well-exposed, and height of the
propeller/vane anemometer is 7 meters. The
time history of recorded peak gusts,
unadjusted for anemometer height in Fig.
15b shows peak gusts of 120 mph occurred
between 1150 and 1220 GMT. This site
experienced a brief passage of the
hurricane’s eye at 1250 GMT (dip in
windspeeds). Maximum sustained windspeeds
were about 98 mph. Fastest-mile speeds
were derived using the procedure used for
the San Juan Airport (NWs) data, and for
Roosevelt Roads the maximum value of 110
mph occurred at 1320 GMT.

wWe have had to reconstruct probable one-
minute sustained windspeeds and peak gusts
for the other nearby islands, using our
aerial damage survey and reduction of
reconnaissance aircraft-measured winds at



10,000 ft. down to the surface, using new
research results of Powell and Black
(1989). These surface windspeed estimates
for Hurricane HUGO are summarized in
tabular form by Marshall (1990). There was
an unofficial estimate of winds gusting to
150 kts in the harbor at Culebra (by a
mariner, Mr. Herbert, who rode out the
storm in his sailboat and videotaped his
anemometer). Therefore, overall, we
believe that the highest winds occurred on
Culebra and St. Croix (estimated peak gusts
to 67 and 70 m/s, respectively. Another
unique data set has recently come to light:
a mini-network of six anemometers installed
by the FAA at San Juan Airport survived
HUGO’s passage. This system, called the
Low-level Wind Shear Alert (LLWAS) systenm,
has been installed at a number of airports
across the U.S. and its territories to warn
pilots of dangerous wind shear and
downburst events in the airport terminal
area. An LLWAS anemometer system was in
place at Houston’s Hobby Airport during the
passage of Hurricane ALICIA, 1983 but the
NAS/NRC team report noted the failure of
the system to provide any wind data during
ALICIA due to a lack of recording equipment
and back-up power by FAA program managers.
Fortunately, the team’s recommendations
were heeded, and we understand that wind
data were recorded during most of HUGO,
from 4 of 6 LLWAS sensors on San Juan
adirport. One of the sensors measured a
peak gust of 43 kts. These data, combined
with a more complete record from NWS San
Juan airport, should provide a unique

(few km domain) analysis of
surface wind distribution near the western
eye~wall passage of hurricane HUGO during
its temporary filling stage.

FORECAST PERFORMANCE

The team found that, overall, the accuracy
and timeliness of most of the official
bulletins and advisories issucd by NHC and
Hurricane Local Statements by NWS San Juan
during Hurricane HUGO’s approach and
passage through the Eastern Caribbean were
state-of-the-art. This is especially so
considering the paucity of hourly surface
and twice-daily upper air reporting
stations in the area (there are fewer
regularly-reporting upper sites on the
Eastern Caribbean islands today than 20
years ago). The warning lead times for
the various islands are shown in Fig.1l6,
and clearly indicate that most places had
at least 1-2 days warning of HUGO’s
approach. These lead times were

than is often possible
for hurricanes approaching landfall along
the U.S. mainland coast.

The hurricane forecasters at NOAA’s
National Hurricane Center in Miami produce
an official forecast track, updated at six-
hourly invervals, throughout the

hurricane’s 11£e-cyc1e Flg 17 shows the
final smoothed track for
Hurricane Hugo (derived from all NOAA and
U.S. Air Force reconnaissance aircraft
fixes and satellite eye positions-bold
line) and the official forecasted tracks.
The official forec .st track is produced by
the hurricane forecaster after he
subjectively assesses the outputs from a
dozen or so numerical models and guidance
products. Ward (1990) has assessed the
performance of the models run on HUGO by
the NWS’ National Meteorological Center.
Our Table 3 shows the mean errors for 6 of
the models routinely used by NHC--with only
a few exceptions the recently-revised
statistical/dynamical model (NHC83)
developed by Neumann and his colleagques at
NIHC consistently outperfcrmed all the other
models, even the more sophisticated
dynamical ones such as SANBAR (barocropic),
BAM (beta-advection model), and the QLM
(quasi- Lagrangxan model). The interested
reader is referred to Ward'’s (1990) article

for more details on the models. This
outcome may, we believe, have more t.;o do
with the state of the observational

database in the Caribbean and techniques
used to initialize the models than with any
inherent scientific deficiencies in the
models themselves.

Note that as HUGO approached the Leeward
Islands and entered the Eastern Caribbean,
there was a persistent left bias in the
official NHC forecasts for the hurricane’s
future track in that region. This led to
initial forecasts for HUGO’s landfall on
the south coast of Puerto Rico which were
not corrected until Sunday night, September
17. Nevertheless, both Mr. Matos, the MIC
at the San Juan NWS forecast Office and the
forecasters at NHC were aware of this bias,
so that the people living in the U.S.
Virgin Islands had plenty of time to make
all necessary preparations; most
importantly, there was also an early
decision, based on updated NHC advisories
with rising hurricane strike probabilities,
to evacuate people in San Juan to shelters.
We must emphasize that current hurricane
track forecasting models and techniques
available to NHC cannot forecast mesoscale
changes or oscillations in hurricane tracks
as depicted for HUGO in Fig.l11 earlier.
Moreover, there are currently no forecast
models for predicting the intensity changes
for HUGO implied by the eye-pressure
changes shown in Fig.é6.

We have found several locations in our
aerial damage survey over the U.S. Virgin
Islands where the debris patterns strongly
suggest the production of destructive
"microbursts®™ (Fujita, 1985). Fig.18a,b
show good examples of mircoburst damage,
as seen from our low-flying aircraft, over
st. Croix and Vieques. The most
distinctive features of microburst events



are the narrow confines and divergent
nature of the debris trails froam destroyed
structures. Fujita (1978) found that much
of the severe damage to structures he found
in Corpus Christi, Texas from Hurricane
CELIA, 1971 was due to the formation of
intense microbursts (surprisingly), in the
western eyewall and a few major rainbands,
as the storm made landfall. We have found
no evidence of any tornadoes from either
the aerial or the ground damage surveys we
performed on Puerto Rico and the U.S.
virgin Islands. In any case, it is likely
that the general wind damage caused by the
hurricane itself, and those more concentra-
ted damage areas from microbursts, both
would tend to masXk any separate tornado
damage tracks from subsequent identifi-
cation.

7. CONCLUSIONS AND RECOMMENDATIONS

One of the major issues in HUGO’s
aftermath in the Caribbean has been the
appalling 1lack of recorded surface
windspeeds and other meteorolocgical data
(especially pressure and rainfall).
Without these critical measurements in the
future, there can be nu resoclution to the
question of correlation of the observed
damage of structures with the actual wind
loads generated by  hurricanes. In
addition, there is a continuing need for
operational and research aircraft
reconnaissance into hurricanes, but there
is also an urgent need for more rugged,
reliable surface instrumentaticn to
properly calibrate and reduce the aircraft
data gathered on hurricanes approaching
landfall to appropriate surface values.
Moreover, surface recording statioas are
too sparse in the Caribbean to measure thc
actual surface wind maxima at the point
of hurricane landfall. This situation is
compounded by the fact that some of the
most important surface observing sites
have been closed by the Caribbean nations
involved because of high manpower and
maintenance costs.

RECOMMENDATION 1. Develop and deploy high
quality, automated surface observing
instruments which are rugged enough to
withstand hurricane wind speeds, and of
affordable cost. The Australians have
developed a relatively inexpensive device
for measuring maximum windspeeds (and wind
directions), called the "Maxometer", which
they have deployed along sections of their
hurricane-prone coastlines. We further
recommend that responsibility to deploy
and maintain instruments during locai
hurricanes be given to selected
universities in the coastal States and on
islands in the Caribbean with engineering
or meteorology programs.

We have also found that, even though the
official forecasts and warnings for HUGO

in the Caribbean were entirely adequate
and state-of-art, there is a need for
improvements in our hurricane torecnst@nq
capability. However, such efforts will
have limited potential for breakthroughs
becauvse there is a lack of upper-level
wind observations of the hurricane’s
environment. Complete vertical wind
profiles are available only twice per day
from a shrinking number of upper air
rawindsonde sites in the Eastern
Caribbean. These are supplemented by cloud
motion derived estimates of layer-mean
winds aloft from satellite cloud tracking
(only from cloudy to partly cloudy
regions).

RECOMMENDATION 2. We need to install more
conventional rawinsonde stations, perhaps
in a cost-sharing arrangement with the
Caribbean countries involved. A better
long-term solution, and one with minimal
manpower requirements, will be to install

wind PROFILERS on selected islands. These
instruments are rugged, operate in all
weather continuously, and have been

installed on a few South Pacific island
sites as part of the TOGA climate program.
Finally, there needs to be research to
better define and exploit the NEXRAD
Doppler radar capabilities for estimating
surface windspeeds in hurricanes (we note
that a NEXRAD installation is planned for
San Juan, PR).

RECOMMENDATION 3. There needs to be a
systematic approach and sustained, long-
term effort at developing improved
hurricane prediction models which give
consistent results for future track and/or
intensity changes in different regions.
The current situation is one where the
hurricane forecaster must subjectively
pick the hurricane model of the day, based
on recent performance for the particular
hurricane in a particular area (there are
now at least 10-12 different hurricane
prediction models and techniques in
operation or quasi-operational (test) use
by NHC and the National Meteorological
Center).

Finally, we have found that lifelines were
particularly susceptible to total loss or
prolonged disruption from HUGO’s course
through Puerto Rico and the Virgin
Islands. Power and telephone lines were
downed everywhere, mainly from toppled
trees and flying debris. Future
mitigation efforts should stress the
importance of putting utilities
underground whenever possible (already
done on the island of Tortola). There
also needs to be a careful reexamination,
after HUGO, of the probability of
windspeeds in excess of current codes in
the' Caribbean to determine if code
revisions are needed.



There continues to be great pressure for
shoreline development (commerciai as well
as residential) on hurricane and other
S8torm prove shorelines in Puerto Rico and
the Virgin Islands. There will be a
continuous threat of beach erosion and
overwash, and other storm surge and wave
impacus on these exposed coastal
properties. 1Indeed, our team found that
HUGO’s Burge and wave impacts on the
developed coastal areas of northeastern
Puerto Rico have made that region even
more susceptible to future damage from
winter storms in the Atlantic.

RECOMMENDATION 4. Fund impact studies on
offshore mining of sand for beach
replacement and determine the cost-to-
benefit ratios. In addition, fund
programs to evaluate and improve, when
necessary, codes and enforcement for
beach-use wanagement. Finally, support
and fund programs for unified, long-range
planning for public/private/government use
of existing beach resources.
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Table )}, The most intense United States hurricanes of this century (at
time of landfall). Aftér Hebert and Taylor (1988).

MOST INTENSE HURRICANES, UNITED STATES 1900-1982
(At time of landfall)

HURRICANE YEAR CATEGORY MILLIBARS INCHES

1. Florida (Keys) 1935 5 892 26.35
2, CAMILLE (La,/Miss.) 1969 5 909 26.§b
3. Florida (Keys)/South Tex. 1919 4 927 27.37
4, Florida (Lake Okeechobee) 1928 4 929 27.43
S. DONNA (Fla./Eastern U.S.) 1960 4 930 27,46
6, Texas (Galveston) 1900 4 931 27,49
7. Louisiana (GCrand Isle) 1909 4 931 27.49
8. Louisiana (New Orleans) 1915 4 931 27.49
9. CARLA (Texas) 1961 4 931 27.49
10. Florida (Miami) 1926 4 935 27.61
11. HAZEL (S.C./N.C.) 1954 4% 938 27.70
12. Southeast Fla./La.-Miss. 1947 4 940 27.76
13, North Texas 1932 4 941 27,79
14. AUDREY (La./Tex.) 1957 it 945 27.91
15. Texas (Galveston) 1915 4 945 27.91
16, CELIA (S. Texas) 1970 2 945 27.91
17. ALLEN (S, Texas) 1980 3e 945 27.91
18. New England 1938 3% 946 27.94
19. FREDERIC (Ala./Miss.) 1979 3 946 27.9%
20, Northeast U.S. 1944 3 947 - 27.97
21, S. Carolina/N. Carolina 1906 3 947 27.97
22, BETSY (Fla./La.) 1965 3 948 27.99
23. Southeast and Norxthwest Fla., 1929 3 948 27.99
24, Southeast Florida 1933 3 948 27.99
25. South Texas 1916 3 948 27.99
26, Miss./Ala. 1916 3 948 27.79
27. South Texas 1933 3 949 28.02
28. BEULAH (S. Texas) 1967 3 950 28.05
29. HILDA (Louisiana) 1964 3 950 28,95
30. GRACIE (S. Carolina) 1959 3 950 28.05
31. Texas (Central) 1942 3 950 28,05
32. Southeast Florida 1945 k] 951 28.08
33. Florida (Tampa Bay) 1921 3 952 28.11
3. CARMEN (Louisiana) 1974 3 952 28.11
35, EDNA (New England) 1954 3x 954 28.17
36. Southeast Florida 1949 3 954 28,17
37. ELOISE (Northwest Fla.) 1975 3 955 28,20
38. KING (Southeast Fla.) 1950 3 955 28.20

* Moving more than 30 miles per hour.

Classified category 4 because of extreme tides.

Reached Cat. 5 intensity three times along its path through the Caribbean
and Gulf of Mexico. The lowest pressure reported was 899 mb (26.55 in.)
at 17422 8-7-80 off the northeastern tip of Yucatan Peninsula.

& 3
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Table 2. Estimated number of deaths associated with Hugo.

- ——  ————— ——— - o - P = - - - S SR Ge M . T G e O e - -

south Carolina 13 Antigua and Barbuda 1
North Carolina 1 Guadeloupe 11
virginia 6 Montserrat 10
New York 1 St. Kitts and Nevis L
Puerto Rico 2 TOTAL 49
U.S. Virgin Islands 3
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Table 3.

HURRICANE HUGO
TRACK ERRORS
(Exrrors in n.m.)

12 HRS 24 HRS 36 HRS 48 HRS 72 HRS

official (NHC) 33 65 98 122 154
{No. of Cases) (43) (41) (39) (37) (33)
CLIPER 37 73 119 161 216
(43) (41) (39) (37) (33)
SANBAR 28 55 92 141 302
(15) (15) (14) (13) (11)
QLM 81 90 119 172 268
(19) (18) (17) (16) (14)
NHC83 38 61 88 106 178
(42) (40) (38) (36) (32)
BAM 50 a4 123 154 268
(17) (16) (15) (14) (13)
NHC83 Revised 50 61 91 119 149
(39) (37) (3%5) (33) (29)

- —— ———— - ——v— T - S TP s - - - - - -

Pigure 1. "Best-fit" smoothed track of successive eye positions for Hurricane HUGO

at 12-hourly intervals, based on aircraft and satellite fixes {begins when BUGO
had already attained full hurricane status on 9/13/89).
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Figure 2. NOAA visible GOES satellite Fiqure 3. Same as Fig. 2 except HUGO had
view of HUGO shortly after it became intensified further, photo at 1630 GMT,
full hurricane at 16 GMT, 9/13/89. ] 9/13/89.

South America coast in lower left,

north is toward the top.

Figure 4. sSame as Fig. 3 except near time of NOAA ajircraft's first
g;r;;;:ation into HUGO at time of maximum strength, 1600 GMT on
9.
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Figure 5a. Composite radar reflectivity PPI analysis from NOAA P-3
aircraft flight into Hurricane HUGO centered on 1727 GMT, 9/15/89.
Highest reflectivities (proportional to rainfall rates) are in
southwestern eyewall and a few-major rainbands. Total spatial
domain = 240 x 240 km. Courtesy Frank Marks, HRD/AOML/NOAA.
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Figure Sb. Radar-cross section of reflectivities through eye of Hurricane HUGO
{NW-SE section in'Fig. Sa) at 1728 GMT, 9/15/89 derived from NOAA P-3 aircraft's
3 cm tail radar. <Courtesy Frank Marks, HRD/AOML/NOAA. Height scale in increments
of 2 km.
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Figure 6. Radial plots of one minute sustained winds at 1500 ft flight-level and
derived surface pressure (thin line) through Hurricane HUGO, from NOAA P-3 aircraft
flight on 9/15/89. Courtesy Frank Marks, HRD/AOML/NOAA.
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Figure 7. Same as Fig. 4 except visible satellite photo at 1330 GMT, 9/16/89 as
Hurricane HUGO was approaching Leeward Islands.

HUGO
975 4 - 50
- 40
T -
?:' 950 4 £
— B 30 i‘a
g - 20 °
:E 925 A : L &
= :
- 10
Guadaloupe St. Croix PPuerto Rico Suuth Carolina
900 L) '. T ¥ T T T 0
15 16 17 18 19 20 21 22 23
00z wz Wz Seplember 1989 W, w7, 007,

Figure 8. Composite time-series plots of measured minimum sea-
level pressures (bold-line) in Hurricane HUGO vs. eye radii (dotted
curve) determined from USAF and NOAA reconnaissance aircraft and
surface radar data, from 9/15-23/89. Courtesy Hugh Willoughby,
HRD/AOML/NOAA. Four major cyclical eye stages are identified, and
occasionally when eye curve appears to jump upward, there was a
double-concentric eyewall structure for a short time.
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is enlarged for details of rivers and towns in Puerto Rico mentioned in text.
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PUERTO MCO
{UNITED STATES}

Figure 10. Same as Fig. 7, except . )

satellite view at 1930 GMT, 9/17/89. Figure 11. Mesoscale analysis of Hurricane
Note Tropical sStorm "Iris® to SE of HUGO's eye positions, derived from tracking
Hurricane HUGO. of San Juan NWS radar as storm approached

within range (250 km) during late afternoon
on 9/17/89.

Q/18-0357 emT q)i18-0105 &MT

Figures 12a,b. Sequence of photos at times indicated on 9/18/89
from 10 cm NWS radar at San Juan airport, showing Hurricane HUGO’s
rainbands and eye, as it approached alcong track shown in Fig. 11.
Range-circles are shown every 50 km and St. Croix is located at
122° azimuth/150 km range from San Juan.
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Figures 12c,d.
from 10 cm NWS radar at San Juan airport, showing Hurricane HUGO'’s
rainbands and eye, as it approached along track shown in Fig. 11.
Range-circles are shown every 50 km and St. Croix is located at
122° azimuth/150 km range from San Juan.

Figure 13a.
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Composite analysis of radar reflectivities flight track and one-minute
sustained winds at 10,000 ft flight altitude of NOAA P-3 aircraft, centered around

time 2251 GMT, 9/17/89 as HUGO was nearing St. Croix (upper left).
convention is triangle=50kts and:ea. full barb=10kts. Courtesy Marks and Powell,HRD.
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Figure 13b..
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Similar to 13a, except composite radar analysis (without aircraft

winds) when HUGO had weakened somewhat north of Puerto Rico, centered on time
2050 GMT, 9/18 /89.
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Figure 15a. Time-plot of measured peak gust windspeeds during Hurricane HUGO's
strongest period at NW5s San'Juan, P.R.' See text for details. Courtesy of R.D.
Marshall.
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figure 15b: Same as 15a, except for Roosevelt Roads NAS, P.R.
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Mouitoring the Aerodymamic Performance of a
Classic Suspeasion Bridge

by

Harold R. Boach!

ABSTRACT

More than 50 ysars ago, s classic girder-
stiffened suspension bridge was constructed near
the small town of Sedgwick on the Atlantic coast
of Maine. Spanning Eggemoggin Reach near
Penobscot Bay, the Deer Isle-Sedgwick Suspension
Bridge is similar in design and appearance to
the ill-fated original Tacoama Narrows Bridge.
The inherent flexidility of the design and the
selection of a relatively poor aerodynamic cross
section have resulted in & bridge which has
behaved quite dynamically throughout its many
years of service. Despite periodic structural
modifications aimed at increasing the
structure's stiffness and oontrolling the wind-
induced motions, the bridge continues to exhibit
some sensitivity to the forces of wind. In 1981,
the Federal Highway Adainistration and Maine
Department of Transportation jointly installed
an instrumentation system on the Deer Iale
Bridge to monitor and evaluate its aerodynamic
performance. This paper will provide details on
the instrumentation, descride the process of
data reduction, present some preliminary
findings, and discuss future plans for this
ongoing research study.

KEYWORDS: Aerodynamics; bridge; dynamics;
long-span; measurements; suspension; wind.

1. INTRODUCTION

Full scale measurements at bridge sites are an
important part of the Federal Highway
Adainistration's (FPHWA's) wind research progranm.
The wind data obtained provides detailed
information regarding prevailing conditions
(speeds, direction, angle-of-attack) and
turbulence properties (intensity, spectrunm,
scale) which is often not available from other
suur2es. The atructural response data provides
information on the structure's dynamic
properties (frequencies, mode shapes, damping)
which can be compared with computed values. Wind
and structural measurements are often used in
the design of wind tunnel experiments and to
evaluate the effectiveness of aerodynamic
retrofits. They can also provide a means for
deteraining the adequacy of experimental and
analytical techniques.

In 1970, the FHWA installed its first field wind
instrumentation system on the Newport, Rhode
Island Suspension Bridge in cooperation with the
Rhode Island Turnpike and Toll Bridge Authority.
Since that time, wind and response measurements
have been taken on the Sitka Harbor Cable-Stayed
Bridge (Alaska), Perrine Memorial Bridge
(Idaho), and Pasco-Kennewick Intercity Bridge

(Washington). New and improved instrumentation
systems are currently in place on the Luling
Cable-Stayed Bridge (Louisiana) and Deer
Isle-Sedgwick Bridge (Maine). Through a
cooperetive arrangement with the Maine
Department of Transportation (MEDOT), FHWA is
monitoring the aerodynamic performance of the
Deer Isle Bridge in order to provide
recommendations regarding bridge rehabilitation.
This study is well underway and will be
described in more detail in what follows.

2., DEER_ISLE-SEDGWICK BRIDGE

The Deer Isle-Sedgwick Bridge, illustrated in
Figure 1, is a conventional suapension structure
located near Penobscot Bay on the coast of
Maine. Built in 1938, the bridge spans
Eggemoggen Reach and consists of a
girder-stiffened deck similar in cross section
to the original Tacoma Narrows Bridge. The main
span is 1080 rt (329m) in length with side spans
of 484 rt (148m) and approach spans of 100 It
(4Om) for a total bridge length of 2308 ft
(704m). The siructure is symmetrical with two
towers and the roadway has a 6.5% grade to
provide vertical navigational clearance of 85 ft
(26m) at midspan. The 2-lane deck consists of a
4.5 in (llcm) concrete slab having a width of 20
ft (6m). Stiffening girders are 6.5 ft (2m) deep
and spaced 23,5 ft (7m) apart.

3. BRIDGE SITE

The bridge site is situated in Hdancock County
approximately 55 miles (88km) east of Augusta
and 35 miles (56km) south of Bangor. The bridge
carries State Route 15 over Eggemoggen Reach and
connects Sedgwick on the mainland with Deer Isle
and Stonington on the Islands. The longitudinal
axis of the structure lies on a NE-SW
orientation with the mainland being at the north
end of the bridge and Little Deer Isle at the
south end. The countryside to the north consists
of heavily forested, rolling hills varying in
elevation to a few hundred feet. To the south
and east are many forested, low-lying islands,
Deer Isle being the largest, with the Atlantic
Ocean beyond. To the west there is Penobscot Bay
with a small mountain range beyond.

TResearch Structural Engineer
Federal Highway Administration
MclLean, Virginia 22101-2296 U.S.A.



&, INSTRUMENTATION v
4.1 Sensors

A large array of instruments has been installed
on the Deer Isle Bridge to monitor the wind
environment and structural reaponse to wind
losdings. The positions of sensors on the bridge
are indicated in Figure 2. Mean wind speed and
direction are measured by two skyvane sensors
mounted on the top and bottom of the north
bridge tower. The upper akyvane is 18 ft (5.5m)
above the tower top while the lower one is
located approximately 33 rt (10m) above the
water. Air temperature is measured by three
thermistor probes installed at the top and
bottom of the same tower and at the instrusent
house north of the bridge. Six tri-axis
anemometers are used to wonitor wind turbulence
quantities (speed, direction, intensity, scale)
at the elevation of the bridge span. These
anemometers are mounted on 12 ft (3m) outriggers
cantilevered from the east side of the
superstructure and spaced in a logarithmic
array. Each anemometer set is aligned with the
bridge so that the "U™ component is normal to
the longitudinal bridge axis (facing southeast),
"V¥* component is parallel to the bridge axis
(facing northeast), and "W" component points
upward. The tri-axis anemometers employed are
dynamic instruments which are capable of
tracking velocity fluctuations in the frequency
range of interest.

Bridge deck response is monitored by six pairs
of single-axis, servo accelerometers installed
along the north side span and main span.
Accelerometer stations on the side span are
located at midspan and the quarter point nearest
the north tower. For the main span, stations are
located at midspan, both quarter points, and the
eighth point nearest the north tower. At each
station, an sccelerometer mounted inside a
weathertight enclosure is clamped to the bottom
flange of each stiffening girder. The axis of
each accelerometer is oriented to point upward
to measure vertical motion. The pair of
accelerometers at each station define the
vertical displacement and rotation of the span
at that point. The whole array of stations are
used to determine mode shape and frequency for
the structure.

To define tower motion, three accelerometers are
used at the top cross girder of the north tower,
Two of these are mounted at the top of each
tower leg with their axes oriented to point
northeast. This defines bending and twisting of
the tower top. The thirc is pointed southeast to
indicate tower away.

4.2 Recorder

Data recording equipment as well as lab test
equipment, parts, and supplies are housed in a
small instrument house located just off the
north end of the dridge. Thia bulilding is
outfitted with heat, air conditioning,
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telephone, mecurity aystem, and motor-generator
(for conditioning incoming power). Analog
signals from all sensors located on the bridge
are routed to this instrument house via
multi-conductor, shielded cable installed on the
weat side of the bridge. Approximately 20,000 Ct
(6096m) of cable was required to instrument the
Deer Isle Bridge. To insulate the
inatrumentation from lightning strikes,
protection devices were installed in each
accelerometer enclosure and at the input panel
in the instrunent house.

The analog signals from the bridge sensors are
passed through signal conditioning and amplified
to provide maximum resolution in the recording
system. Anemometer gains were adjusted to
accommodate wind velocities up to 100 mph
(161km/h) and accelerometer gains adjusted to
handle .25¢. Amplified signals from the deck
anemometers and all accelerometers are low-pass
filtered at 10 Hz to avoid aliasing of the data.
All signals are then routed to the recorder.

The recorder is an automated data acquisition
system (DAS) equipped with three 11-track
cartridge tape drives providing enough capacity
for 24 hours of recording. Figure 3 illustrates
the data path and control logic employed by the
data acquisition system. The DAS continuously
scans up to 64 chamnnels of analog input at a
rate of 20 Hz. Data recording does not begin
until either wind velocities or bridge
accelerations exceed preset levels for a
selected period of time. Once initiated,
recording continues until signals drop below
these threshold values. This mode enables
unattended operation and optimizes use of
available data storage capacity. While
recording, the system continuously scans all
channels, converts the analog signals to digital
data, and stores this data on magnetic tape for
later processing. When one tape fills, the
recorder automatically switches to 2nother drive
and continues without loss of data. Wind speed
and direction measured by the two tower
anemometers are also recorded on strip-chart
recorders, This recording is continuous and
documents the day-to-day wind conditions at the
site regardless of whether or not the DAS is
active.

5. DATA REDUCTION

After wind and bridge reaponse data has been
recorded on digital tape, the tapes are
forwarded to Turner~Fairbank Highway Research
Center (TFHRC) for preprocessing and evaluation.
This data reduction is accomplished by FHWA
staff using various microcomputers. Data tapes
are first scanned for errors. Raw data is
converted to engineering units using sensor
calibrationa obtained in the field and channel
statistics such as winimum, wmaximum, mean, and
standard deviation are compiled for 10/20-minute
blocks of data., This information is used to
evaluate system performance and to identify
events which warrant detailed study. Mean wind



speed .nd direction obtained from the skyvane
sensors on the tower are displaysd in polar form
and evaluated to detect any trends in the
recorded data. Figure & 1s a rzliur ,lot of wind
activity at the top of the north bridie tower.
This graph is updated each time new information
is odtainsd. Hourly means are obtained froa the
continuous chart recordings and plotied in
time-history fashion for each month., As
demonatrated in Figure 5, this tecrhnique is a
useful means of compressing large volumes of
data and enables identirication of significart
storm events.

As events of interest are identif’ed during the
preprocessing, coples of the data are made for
more detailed analysis using mzinf:ames. The
¢~%“a proceasing sequence is iilustrated in
Figure 6. This analysis is accomplished in three
atages. In the ipitial stege, raw data is
converted to engineering uniis and summarized
using program TAPSUM much the same as was done
during preprocessing., The intermediate stage
preparea anemoneter data from selected events
for detailed analysis by applying response
corrections and rotating the data into the
desired coordinate system. This is accomplished
using program MASTER. The final stage of data
processing involves spectral analysis of the
time series data. In ANALZ2, time series data is
first prepared for analysis by point averaging,
detrending, and tapering. Next, fast Fourier
transfora techniques are employed to process
data from 1, 2, or 3 channels simultaneously.
This analysis provides statistics on all the
data as well ac ower spectral densities and
auto correlations for the individual series.
addition, co-spectral and quadrature spectral
densitiea, coherence, aquared coherence, phase
difference, and lagged cross-correlations are
available for each pair of series.

In

To determine bridge displacements, the
®"conditioned®™ acceleration time histories are
processed through program COMBIN. Here, the
signals from the accelerometer pair at each
bridge station are averaged to extract the
bending component of motion. Next, the signals
are differenced to extract the twist component.
The acceleration timpe histories for each sensor
as well as those for bending and twist at each
station are then processed through MDIASM, a
sophisticated double iutegration routine, to
obtain the associated displacements. Finally,
these results are input to BRPLOT, containing
various 2-D and 3-D plotting routines, for
evaluation of mode shapes and animation of
bridge msotion.

6. RESULTS

Wind spectra have been obtained for selected
wind events and compared with three empirical
functions--one proposed by Panofsky and Lutton,
another by Simiu and Scanlan, and a third by
Ramsdell. Typical spectra are presented in
Figure 7 for the U-components of four deck level
anemometers. The wind was from the southeast
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with a mean wind speed of 44 mph (20.5m/8) and a
turbulence intensity of about 10%. The measured
spectra compare quite well with the Ramsdell and
"P/D" models,

To study the influence of the structure's bluff
cross section on the turbulence characteriatics
as the wind passes around the bridge, anemometer
3a was moved to the west side of the deck
opposite anemometer U and redesignated 3b.
Figure 8 illustrates typical results obtained
from undisturbed and disturbed air flows
measured by sensors 4 and 3b respectively. For
this event, wind was from the southeast with a
mean speed of 40 mph (19m/s). The spectra from
anemometer 3b, located in the wake of the
structure, demonstrate a marked increase in
energy at the higher frequencies.

The along-span coherency of the wind was
computed using the logarithmic spacing of the 6
deck anemometers, These spacings range from L5
to 1050 rt (32 to 320m). Coherency results for a
43 mph (20m/s) quartering wind from the south
are presented in Figure 9. These plots exhibit
the characteristic decay with increasing
separation distance between sensors. Approximate
exponential functions are included for
comparison. Similar results are presented in
Figure 10 for a 44 mph {20.5m/s) perpendicular
wind from the scutheast. The coherence appears
to decay more rapidly for this case.

A suimary of wind measurements at deck level
based upon data from 7 tapes is presented in
Figure 11. The polar plot illustrates the
distribution of mean wind speeds and directions
relative to the bridge span. The maximum wind
speed included in this data is 40 mph (19m/s).
Above the wind distribution plot is a graphical
representation of the associated peak
accelerations measured at all deck stations.
Although not all possible directions and speeds
are represented, this figure clearly
demonstrates the pronounced bridge sensitivity
to perpendicular winds. The maximum acceleraticn
observed in this dataset was 0.1g.

The affect cf wind speed on bridge motion is
illustrated in Figure 12. These results are
based upon measurements at accelerometer 5 and
anemometer 5., On the first graph, peak
accelerations are plotted versus the U component
of wind. For the second and third, RMS
accelerations are plotted versus Lne W and V
components, respectively. A strong relationship
between bridge accelerations and wind speed is
clearly evident. The significance of wind angle
on bridge response in presented in the last
graph. Here, it ia apparent that the average
level of bridge motion increases as the wind
becomes more perpendicular to the structure.
Figure 13 is an example of a measured
scceleration record and the computed
displacement time history for accelerometer 9.
The maximum displacement computed from the
dataset was about 4 in (t0cem).



7. COMCLUSIONS

All data collected to date has been preprocessed
and summarised; however, only a small portion
has received detailed analysis and evaluation.
Thereforse, the results presented above must be
considered preliminary. Wind and bridge response
messurements at the aite are still underway and
"production® processing of the extensive
database has Jjust begun. With this in mind, the
following observations may be made:
© spectral functions computed from wind
data look reasonabdle,
o computed spectral functions compare well
with the Ramsdell model,
o the structure®s shape generates strong
"local" turbulence with increased energy
at higher frequencies,
o0 bridge motion is more likely to occur
when winds are perpendicular to the
apan, and
o bridge activity tends to increase
steadily as wind speed increases,
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Figure 3. Data Acquisition System Schematic.
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Cooperative Research Program on Wind Tunnel
Testing In Turbulent Flow

BY

Koichi Yokovama™?, Robert L. Wardiaw™®, Hiroshi Sato*?,

Takaaki Kusakabe™*, and Michael G. Savage*™®

ABSTRACT

National Ressarch Councit Canada
and Public Works Research Institute. Jaran
are carrying out a cooperative ressarch on
the wind tunnel testing method in turbulent
Tlow. This project includes sprine mounted
rigid model test. taut strip model test, and 2
phases full model wind tunnei tests using
heavy and light models.

In this report, the outline of this
research is expiained at first. And summary of
wind tunnel tests are introduced.
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bridge, full model test. Cooperative research

I.INTRODUCT ION

The desion of long span bridges
requires the consideration of the effects of
strong wind. Therefore, wind tunnel test is
usually performed to determine the
wind-induced response of the bridoe at design
stage.

Many long span bridges are
planned and constructed and the wind effects
on structures are eagerly studied in North
America, Europe. Japan and other countries.
However. the wind tunnel testing method has
been developed in each country and the
standard testing method and assessment of the
results have not been established.

The Governments of Canada and
Jaran have the technical cooperation program
on wind and seismic effects on structures,
National Research Cauncil Canada (NRCC) and
Public Works Research Institute (PWRI) are the
counterpart organizstions.

Recently. both laboratories have
atarted a cooperative research project snd
have Jjointly undertaken a series of winds
tunnel tasts on wind-induced oscillations of
cable-staved bridoe in smooth llow and in
turbulent flow. Included in the projact are a
study on comparison of results of wind tunnel
tosts poerformed in different wind tunnel
facilities and proposal on the standard wind
tunnel testing wmethod of cable-stayed
bridges.

In this report, described are the
outiines of the cooperative research work
between Canada and Jaran and results of wind
tunnel tests consisting of spring mounted
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rigid model test. taut stri» model test, and
full model test,

2._QUTLINE OF THE PROJECT
2.1 Purpose of the project

The purpose of this project is to
establish procedures and guidelines for wind
tunnel tests of full bridge models in smooth
flow and boundary laver turbulent flow. This
will be performad by making the influence
derived from differance of method cleasr,
through comparing wind tunnel tests between
Canada and Japan.

The methods of wind tunnel tests
have been developed in each country. There
have been exchanges of information on
techniques of wind tunnel testing, however
there are many differences smone countries.
So 1t seems significant to make the influence
derived from differences of method clear .,
through comparing wind tunnel tests between
Canada and Japan.

22 Program of the praject

This project began in 1887 and
will be over in 1990. This resear ch consists of
spring mounted rigid model teat. taut strip
mode! test and 2 phases full model tests as
shown in Figure |.

(1) Spring mounted rigid mode!l test

The sering mounted rigid model

test in smooth flow is carried out to study

fundamental characteristics of the bridge
deck. Results of this test are compared with
results of full model test. This test is
performed only in PWRI.
(2)Taut strip model test

The taut etrip model test In

smooth flow and in turbulent flow is carvied
out to study fundamental 3-dimensional
effects and effects of turbulence on bridge

%1 Head Structure Div. Public Works Ressarch
Institute, Ministry of Construction, 1, Asahi.
Tukuba-Shi, ibaraki-Ken, 305, Japan

%2 Head., Low Spead Aerodynamics Laboratory.
National Research Council Canads., Montreal
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deck. Resuits of this test are also compared
with results of full model test. This test is
performed only in PWRI.

(3)Full model tests.

These tests are the core of this
cooperative research. Similar full model teste
were performed in both NRCC and PWRI. and
they are compared. The final result of this
cooperative research is drawn out from these
test. There are two phases of full model
tasts. Namely. heavy models are used in the
1st phase and light modals are used in the 2nd
phase. Japansse resesrch engineers Joined
both phases of fuil model tests carried out in
Cansda and Cansdian research officer joined
on the {st phase test in Japan

At present. all wind tunnae! tests
mentioned above have been completed.
Through discussing on these results. it will

become possible to establish manual or
suideline on wind tunnsi testing method.
3. DESIGN OF EXPERIMENT
3.1 Brides mode) for wind tunne) test
3.1.1 Deck Section
The shape was not intended to

resenble any particular bridees but rather it
was considared representative of modern plate
and girder construction. Figure 2 shows ihe
shape used in the ful) model tests. In NRCC.
there is full madel of the Quincy Bridge. The
Quincy Bridge mode! was built with a length
scale of 1:75 so that the ovarall iength of
7220 mm would fit between the concrete fillets
of 9 m wide NRCC low speed wind tunnel. It
soons that using this mode! is efficient and
economical. So in the lst phagse of full model

test. the Quincy Bridee is referenced to
decide characteristics of deck. Tabla |
summarizes the deck sectional

characteristics.

The full mode! of PWRI has half
geometrical scale. This scale was decided in
consideration of the boundary layer wind
tunne! in PWR] which is 6 m wide and 3 m high.
All characteristice of tha full model! in PWRI
are derived from the full model of NRCC.

3.1.2 Cable and Towar Assembly

The deck was divided into three
seans. in NRCC. a center span of 3658 mm and
two side spans of 1781 mm, and was supported
by 56 cables sttached to two towers. Figure 3
is eolevation views of ths instatliations and
shows the structural supporte for the models.
In NRCC the towers and end points of the
bridoe were supported on an isolated corner
foundation to minimize the interference
created by the vibrations of the wind tunnel
shell, but in PWRI the mode! was only set on
the floor of the wind tunnel.
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The cables for the model were
made from small dismeter stainless steel pianc
wire excopt the light model at PWRI in the 2nd
phase. |n PWRI. thea geometrical scale iv half
of NRCC's model. and diameter of cables werse
reduced in the 2nd phase of full model test.
So it becomes impossible to get a plano wire
that 1s smatl enough. Coil eprings were used
to adiust the elongation stiffness of cables
in the 2nd phase at PWRI. The stiffness of the
different cablas were naot constsnt and were
besed on the reaquirements of the Quincy
Bridoe model. The properties of the cabies
are detailed in Figure 4. The cables were
anchored directly to the stiffening spines of
the deck to minimize the mechanical damping of
the hridge model.

3.1.3 Models for Sering mounted rigid model
test and taut strie model test.

Spring mounted rieid model test
and taut strip model test are performed
before full model tasts to predict the
fundamental characteristics of response.
which are determined by shave of cross
section. in wind. Table-2 shows the condition
of tests.

The share used in these tests did
not have the stiffening spines reaquired for
the full mode! tests. Since the spines were set
in the cornars, it was expected that their
prasence would not sienificantly alter the
flow freld around the deck. The malor
difference between the deck sections of these

tests and full bridge model tests was the
higher reduced mass and inertia of the full
bridge.

32 Flow proparties

In regards to the full model test.
the bridge was tested in three differant flow
conditions. smooth flow, snd with moderate
and heavy turbulence. The summery of the flow
properties is given in Table 3. The moderate
turbulence was crested with triangular spires
equaliy spaced across the inlet to the test
section. The heavy turbulence was created by
mounting & flow trip across the test section
floor downstream of the spires. The smooth
flow condition has r sidual turbulence level.
Figure S shows the arrangement of thess
turbulent generators al PWRI For example.

The lanoth scales ftor the
vertical and streamwise turbulence ware based
on visual best fits with the Von Karman
spectra.

The wsroperties for full mode!
test were not decided when the taut strip
model test was parformed. so that the flow
properties on taut stries model test were
different from full model test. Three kinds of
turbulent flow were used for thas taut strip
mode! test.



33 Inatcumentation of wind reseonss

The wmotion of the bridge was
monitored by the dispiacement transducers.
Displacement transducers are different
betwsen NRCC and PWRI. In NRCC. transducers
are such types that are aspplied to an eddy
current. In PWRI they are such types that are
spplied to the photoelectric effect. So in
NRCC, targets are sluminum platas attached to
the bottom of pirder of model and pickups of
transducers are put close to the targets On
the other hand in PWRL targets are small
light bulbs and pickups of transducers are
put out of wind tunnel. Vertical and torsional
displacements area measured at center and
auarter of main span, and centar of side span.

The wind velocity and turbulence
were monitored by two ways. The turbulence of
the wind simulation was monitered with a two
channsl hot film or wire probe. Tha mean
velocity was measured with a pitot tube.

4. RESULTS OF JEST

Analysis of resuits of wind tunne!
test is almost completsd on spring mounted
tost. taut strip model test. and the 1st phase
full modal tests using heavy modei. These
resuits are introduced here.

4.} Sprinp mounied rigid model tast,

The results of the test can bs
expressed clearly in Figure 6 that shows
relstion between wind velocity and amptitude
of vibration of a model. There are two wind
velocities which the amplitude of vertical
vortex-induced vibration bscome the peak
value. The ilower resduced wind velocity is
sbout | and the hiaher is about 2. Here. wind
velocity is reduced or non-dimensional wind
velocity that is asmount of wind wvelocity
divided by the freauency of model and width
of deck. In regards to torsional vibration.
vortex-induced vibration is caused at about
1.2 and flutter is caused at above 2.5 of
readuced wind velocity.

4.2 JTaut strjp model Lest

Relations between wind velocity
and response of model in smooth flow and in
turbulent flow are shown in Figure T and
fFigpure 8 respectively. Where the intensity of
strasmwise turbulence |, is 53% Results are
summdrized ss written below.

(1) Buffeting

As comparing Figure B with Figure
7. buffeting is caused by turbulence.

(2) Vortax-induced vibration

in smooth flow, there are two
peaks of wind vslocity on vertical bending
vibration and there is ons pesk on the
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torsional vibration. On vertical vibration,
the |Ist peak (observed at the low wind
velocity) was the Ist bendina mode, and the
2nd peask (observed at the higher wind
velocity) was a high frequency banding mode.
The reduced velocity was about 1.0 on the Ist
peak. On torsional vibration, that was 1.2,
There is pood sgreement betwaen spring
mountad rigid model test and taut strip mode!
test excert on the 2nd peak of bending
vibration.

of
wae

In  turbulent flow., each
vortex-induced vibrations vanished or
reduced without changing of wind velocity.
(Flutter

The maximum torsional smplitude
becomes ons depree at reduced velocity 2.5
This was not changed in turbulent flow so
much as shown in Figure 8.

43Fuli model testsin the 1at phase
4.3.1 The full model test in NRCC (1988)

(1) Buffeting Response

The disstacement recorded by ths
thrse Ltransducers at each station were
resoived into vartical. lateral, and torsional
motion. The mean. peak. and standard
deviation of the responses for each of these
degreas of freedom were calculated for ths
three valid stations for deak sections for al!
three flow conditions. The peak values are
the magnitude of ths maximum devistion In
either positive or nepative direction from the
mean position of the bridge. Fipure 9 shows
the standard deviation and presk values ss »
function of the reduced wind velooity for the

torsional and vertical motions. For these
figures the velocity was reduced by the
appropriate deck section width and the

corresponding natural frequency in the first
torsional or vertical bending mode.

A frequency analysis of the
center span motion for the vertical end
torsional motion was carried out in both the
moderate and highly turbulent flow., The
dominant modes were the lowest modes on each
vertica) and torsional vibration.

(2) Vortex-induced vibration

Vortex-induced vibration was not
observed.
(3)F lutter

The test in smooth flow shows
torsional instability at reduced wind velooity
of 3.2. The RMS amplitude bacomss 0.5 degree
at reduced velocity of 3.6

4.3.2 The full modal test in PWR! (1088)

(1) Buffeting Response

There is no important differencs
on instrumentation and snalysis at PWRI from
that of NRCC. Figure 10 shows the standard
daviation as a function of the reduced wind



velogity for the torsional and vertical
motions.

According to frequency analysis.
the dominant modes were the iowest modes on
each vertical and torsional vibration.

(2) Vortex-induced vibration

Vortex-induced vibration wass not

observed.
(D lutter
The RMS amplitude becomes 0.5

des-ee at reduced velocity of 5.7.
5.DISCUSSION

Flutter and bulfeting were
obsarved in every type of test. In regards to
vortex-induced vibration, it was observed in
the sering mounted rinid model test and the
taut strip model test, however it was not
observed i « the Ist phase full mode! test. The
reason is a heavy mass of the full model. The
reduced mass af the full mode) is 3.6 and 4.4
times heavier than that of the sprine mounted
rigid wodel and the taut stris modsl
respectively. Taking account of these results,
mass and mass moment of inertiz were reduced
to compare vortex-induced vibration in the
2nd phase full model tast. Also full models of
the Ist phase were too heavy to compare
buffetine and flutter betwesn full model test
and spring mounted rigid mode! test or taut
strip model test. Dus to such reasons,
discussion is {imited to comparison aof the lst
phase full model tests performed in NRCC and
PWRI. Further discussion will bs performed
after completion of the analysis on the 2nd
phase of the full model tests.

5.1 Simitarity of test condition

i1t is very difficult to make
exactly similar Flows and models. As a matter
of fact, any wind tunnel tests have error and
restriction of facilities, and the infiuence
they cause must be estimated. Due to this
reason, similarity of the test (s compared
below.

Flow propertiss are summarized in
Table 3. On high Llurbulent flow, intansity
measured in PWR) was » little smalter than in
NRCC. On fength scale, thers are considerable
and unexpected differencas betwean NRCC and
PWRI. As intensity of turbulence affects the
amplitude of buffeting, making a correction
will be needed. On length scalw, it is not
clear how i* influences. But the unexpected
difference itself must be further discussed.

In regards to characteristics of
models, Table 4 summarizes differences. Oniy

structural dasmping becomes vProblem and
others were well adjusted. The difference of
dmping asffects behsvior of flutter

developing and onset wind velocity of Fluttaer.
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5.2 Flutter

Torsional responses in smooth
flow are compared in Flgure 1l. In NRCC,
flutter was caused at lower wind velocity than
In PWRI. When smplitude is emall, one reason is
supposed diflerance of damping. Figure 12
shows the influence of structural demping and
inertia obtsined from spring mounted rigid
maodel tests in PWRI. As shown In Figure 12,
onset velocity of flutter increases with
damping and inertia increasing. The products
of structural damping and dimensionless
inertia become 0.10 and 0.64 in NRCC and PWRI
raspectively. These data sugoest that It (s
not a strange difference on small smpiitude
vibration. On the other hand, there is » emall
differance of structural dampine whers
smplitude is large. But there is also not 3
small difference on large amplitude of
flutter. There is no idea of the reason that
explains this difference yet.

5.3 Buffeting
Amplitude of buffeting is
compared in Filgure 13. These data ars

maasured st a station of center of the mair
span in the flow with hioh turbulence. It i
clear that smplitude observed In NRCC is
almost 2 times larger than in PWRI ot every
wind velocity. The amplitude of buffeting is
changed by intensity of turbulence. However
it seems there is not encugph difference of
intensity that causes such a difference of
snplitude hetween by NRCC and by PWRI.

6. Conciuding Remarks

In this report, outline of the
project s explained and results of tests
performed in the first 2 years are introduced.
Further discussion is needed to get finsl
results. There s no comparison on
vortex-induced vibration. On this probiem,
the 2nd phase full mode! tests using lighter
madels have been already complsted in NRCC
and PWR). and snalysis is being performed.

There are no small differences
betwsen tha resuits of NRCC and PWRI. Of
course. some differences should be inevitables.
But by analysing components and the reason of
differences, many problems will become
clearer on the precision of the wind tunnel
test, methods of results correction, and
reasonabie procedure for wind tunnel test. To
oot these fruits, not only advanced discussion
but also additional test will be needed.
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Fundamenta! Tests (1387)

Full Model Tests

Spring Mounted Rigid

T P (™ P

Nodel Test NRCC | { | NRCC
1 asee) | ' (1900)
Taut Strip Wodel Test ‘ ; ‘
PWRI | ! | PWRI
(1988) : (1969)

Figure-1 PROGRAM OF COOPERATIVE WIND TUNNEL TEST'
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1

|

177.5

2

(1)NRCC

h‘ﬁﬁ
88.8 |
(2)PWRI

ZZ] STIFFENING SPINES

Figure-2 CROSS-SECTION OF BRIDGE DECK

Table-1 Deck Sectional Properties
Vidth (m) 0.177
Depth (m) 0.0177
Mass/Unit Length(Kg/m) 3.31
Reduced Nass(w/ o B?) 87
Nass Moment of Inertia(Kgean) 0.0174
Reduced Inertia(l/0B*) 14.5
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1 TRANSDUCER STATION
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Figure-4 CABLE ARRANGEKENT (NRCC)
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Table-2 CONDITION OF TEST

(SPRING MOUNTED TEST ASD TAUT STRIP MODEL TEST)

e

12009

Condition Spring Nounted Taut Strip Nodel
Rigid Nodel Test | Test
Yidth 8 (n) 0.40 o
Depth D () 0.04 0.01
Length of Nodel (n) 0.87 1.20
Rass/Unit Length n{ke/m) 4.70 0.233
Reduced Nass (a/ 08%) 4.0 i8.8
Rasa Moment of Inertis (kze+a) 0.117 167X 1674
Reduced Inertis (a/ pB*) 3.81 1.34
Natursl Frequency  (Ha)
Vertical Bending Mode 1.87 7.61
Torslonal Node 3.88 13.8
Stractural Demping
(Log Decrement)
Yertical Bending Node 0.020 0.026
Torsional Kode 0.017 0,041
Table-8 Characteristics of Turbulent Floy
Caracterigtics Iatsngity Scale
name of Flow 1. Iw Le/8 L./
Flox A 0.09% 0.087 [.9 1.2
RC{1388
NRC(1888) Fiow B 0.807 0,148 3.0 0.9
Flow 1 0.082 8.062 8.0 0.7
P i
(%&) Flow I 0,183 §.104 4.0 | ]
27108
Test Sectioh LD
- —
£e Trip Spire . !
=2 g ! S ipitot Tube
Pexition of Mode!) Peaition ol Model
{Turbuleat Flox) {Snooth Fhi,w)
B - 1 T
] ' N
4
Lo
?3 A
-4 , :

11860

Flgure-5 ARRANGEMENT OF TURBULENCE GENERATER (PWRD)
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Yertical Response/Model ¥idth

Yertical Response/Model fidth

Yertical Response/Model Width
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Yertical Response/Nodel V¥idth
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Table-4 COMPARISON OF MODELS BETWEEN NRCC AND P¥R!

Condition NRCC PRI
Width B (w) 0.1775 0.0888
Depth D (m) 0.0178 0.008%
Length of Mode! L (w) T.22 3.61
Reduced Mass (n/ pB?) 89.3 86.3
Reduced Inertia (w/pB*) 14.9 1.7
Naturs] Frequency  (Hz)

Vertical Bending Mode 4.54 8.96

Torsional Mode 8.59 14.4

Stractural Damping
(Log Decrement)
Vertical Bending Mode

Measured at amplitude of B/200 0.018 0.024
Torsional Mode
Measured at amplitude of 0.5 0.055 0.041
Measured at amplitude of 0.1 0.007 0.055
2 e~
£ | o:rmi
E A INRCC 'e)
s | o
< A
| a
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0 > 10, ¢(t.B)

Figure-11 COMPARISON OF FLUTTER
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Wind on Offshore Platforms

by

Charles E. Smith*

ABSTRACT

Increasing political and economic demands for more
energy have focused a need to develop technologies
to explore and produce oil and gas resources
offshore. These technologies include methods to
analyze and describe data on natural events like
wind, waves, currents, ice, and earthquakes, and
to compute the loads such events produce on
offshore facilities.  This paper reviews the
currently accepted procedure for determining wind
forces on offshore platforms on the U.S. OQuter
Continental Shelf (OCS). It also includes a brief
overview of the relationship between wind and other
environmental events that exert loads on offshore
structures.

KEYWORDS : Offshore platforms; oil
operations; wind criteria; wind loads.

1. INTRODUCTION

The fundamental and practical aspects of modern
wind engineering practice as it relates tu design
of offshore facilities have evolved from methods
developed for Tland-based structures. This
evolution is the result of a more directed
awareness of wind-related problems, the trend for
higher and more flexible buildings, and the
increasing use of cladding systems for which wind
loading is the primary design consideration.’

and gas

Wind Joads are not unique for offshore structures,
however, over water-winds tend to Le more severe
because of t'ie lack of sheltering effects of
terrain, and the fact that storm sysiems gain more
energy over water. What is unique for offshore
structures is that maximum or near-maximum wind
Toad way occur simultaneously with maximum wave and
current Toads and higher than normal water levels.
The major mass and resulting wind force area of an
offshore facility 1s located at the uppermost
elevation of the structure so that the wind loads
are applied at levels that produce maximum over-
turning moments,

2. EFFECTS OF WIND

What is wind? This may be a trivial question to
some, but a brief description may provide a better
perspective of its relation to offshore structures.

In essence, wind is the horizontal movement of air
in response to differences in atmospheric
pressures. The earth is traversed by major surface
wind systems known as trade winds which interact
with the water of the oceans to produce wmajor
current systems. MWithin the major wind systems,
short-term disturbances occur, and are responsible
for the extreme winds of interest to the structural
engineer when he designs offshore facilities.

The disturbances that are of primary importance to
the design of offshore structures in the United
States are those associated with tropical
hurricanes. Understanding the basic mechanics of
these storms, and the way they relate to the
development of other loads on the structure is very
important. The effect of wind may manifest itself
in several ways; wind loads that act directly on
structures, wind generator waves, wind generator
currents, and wind generator surge conditions

(fig. 1).

For offshore facilities, wind forces act upon the
portion of structures exposed above the water
level. This includes any equipment, deck houses,
and derrick which are located on the platform as
shown in figure 2. The major parameters used for
design purposes are as follows:*

1. the frequency of occurrence of sustained
wind speed from various directions,

2. the spatial variations of the basic wind
speed, in particular, the variation with
altitude, and

3. the temporal variations in the basic wind
velocity manifested as gusts.

For design, the wind speed may be classified as
gusts, which are wind velocities that are averaged
over less than | minute, and sustained winds which

*Research Program Nanager
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Minerals Management Service

Herndon, Virginia 22070-4817
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are velocities that are averaged aver | minute or
longer. Most engineers recommend that wind data
be adjusted to a standard elevation, such as 33
feet (10 meters) above mean water level, using a
specified averaging time such as 1 hour. Wind data
can be adjusted to any specified averaging time or
elavation using standard profiles and gust factors
as is shown in a later section of this paper.’

Building codes have traditionally specified the
wind pressures to be used in the design of
buildings and other land-based structures.
However, since offshore structures are more
susceptible to extreme winds than land-based
structures, it is much more important that design
criteria accurately assess maximum loading events
than those specified by building codes. Reference
2 provides guidelines for extreme wind speeds for
several areas in U.S. waters. To supplement this
information, hindcasting is considered the most
appropr-iate technique for developing the necessary
environmental exposures (fig. 3).°

The Minerals Management Service (MMS) requires that
offshore structures be designed to withstand
loading events, both wind and wave, with return
periods of 100 years unless the owners can
demonstrate, through appropriate analyses, that
less severe design events are appropriate.’ For
operations elsewhere, particularly in more harsh
environments where new platform concepts are
proposed, different design criteria may be
required. For example, in the deep-water regions
of the Gulf of Mexico, some companies use a 200-
year return period.

3. (QUHER MIND EFFECTS

As opposed to land-based structures, winds offshore
are primary contributors to other environmental
events which exert loads on offshore structures.
Wind-driven waves, produced by the friction that
exists between the wind and the ocean surface have
the single greatest effect on offshore operations.
Wind-driven waves develop and grow when a certain
wind prevails from the same direction for a period
of time. The length of the unrestricted path of
wave development is called the fetch 2s shown in
figure 4. The fetch can also be defined as the
distance over which the wind blows to generate
observed waves at a given position {fig. 5). Four
factors, wind speed, duration, fetch, and water
depth determine wave height (fig. 6). For example,
if a 30-knot wind blew over an average of water of

unlimited fatch for 5 hours, 7 1/2-foot waves would
develop. [f the same 30-knot wind blew over the
same area of water for 30 hours, the waves would
reach 16 feet.*

In addition to wind-driven waves, tides, and wind-
driven currents are also important considerations
in platform design. In determining the maximum
water level for platform design, the storm-tide
elevation is the datum upon which storm waves are
superimposed. Wind-generated currents are combined
in a vector sum with tidal currents (associated
with astronomical tides) and circulational currents
{assoctated with oceanic-scale circulation
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patterns). Wind-driven currents can add
substantially to the loads on offshore structures
because the loading function (Morrison equation)
is based on the square of the water particle
velocity.

4. Genera) Design Criteria

General requirements for determining wind loads on
offshore oil and gas facilities on the U.S. OCS are
contained in the American Petroleum

Institute Recommended Practice 2A (API-RP2A). This
document recommends that sustained wind velocities
be used in the computation of overall platform wind
lcads and that gust velocities be used for the
design of individual structural elements (fig. 7).

The variation of wind velocity with respect to time
is shown in figure 8 and the variation with height
is given by the relationship as shown in Figure ©.
The referenced wind velocity height is taken at 33
feet (10 meters) above the referenced water depth.
The exponent used in the velocity relationship is
usually assumed to be between 1/7 and 1/13
depending upon the sea state, relative distance
from land, and the duration of the design wind
velocity. For most designs in the open ocean, the
exponent is approximately equal to 1/13 for gusts
and 1/8 for sustained winds. Typical velocity
coefficients for various wind durations and heights
are given in figure 10. The API-RP2A document
states that the wind force on a structural member
should be calculated by using the following wind
velocity/force relationship:

F = 0.00256 (V) CA
Where:
F = Wind force (1bs)
Y = Wind velocity (mph)

C = Shape coefficient
A = Projected area (ft?)

As in most onshore designs, local wind effects such
as pressure concentrations and internal pressures
must be considered. For these situations, it is
recommended that the same analytical guidelines be
used as set forth in Section 6 of the ANS! AS8.!-
82 Standard, "Building Code Requirements for
Minimum Design Loads irn Buildings and Other
Structures.” In general, for all wind approach
angles to tI  structure, forces on vertical
surfaces are sed to act normal to the surface
and in the dir ..ion of the wind. Ffor surfaces not
in a verticai attitude with respect to wind
direction, appropriate relationships should be used
to take into arcount the direction of the wind in
z:}atic;rlu) to the attitude of individual wmembers
g. .

In the absence of more refined data, API-RP2A
recommends the following shape coefficients (C) for
objects perpendicular to wind flow:

Beams.......cciiennninenen 1.5
Sides of Buildings........ 1.5
CyVindrical Sections......0.5



Overall Projected Area of
the Structure............. 1.0

The question of shielding is left to the judgment
of the designer. No specific guidelines are set
forth; however, if the second object is considered
to be located close enough behind the first to
warrant the use of a shielding coefficient to 1imit
the load on that object, then it can be used.
Typical shielding values for structural members are
given in reference 7.

Certain requirements are stated for so-called wind-
sensitive structural components. These components
are defined as equipment or objects located on the
platform that are exposed to wind and whose height
exceeds five times their horizontal dimension, or
whose dynamic properties make them very responsive
to the action of the wind. For these objects,
detailed analyses are required where the time-
varying aspects of the wind loads acting on the
object must be considered. It is recommended that
the analytical procedure, as set forth in Appendix
A6 of the ANSI AS8.1-82 Standard, be used as a
guide in determining gust loadings on wind-
sensitive appendages on a platform.

5. Qther Wind/Force Criteria

In addition to the APl recommended method, the
American Bureau of Shipping (ABS) and Det norske
Veritas (Dn¥) have also established formulas to
calculate wind forces on offshore structures. Of
the three, the DnV formula provides the wmost
conservative values, whereas the ABS formula yields
values slightly less than those obtatined using the
APl method. Reference 8 contains a useful
comparison between the methods with a detailed
explanation of the coefficients and their
var:;bﬂity with height above water level and wind
speed.

6. Lompliant Structures

Compliant structures are more susceptible to the
dynamic effects of wind than are conventional fixed
leg platforms. The presence of waves, wind, and
currents causes these platforms. Because of their
compl jance to have mean and fluctuating offsets in
the direction of the applied loads. Compliant
structures can have natural periods that are much
Tonger than those of conventional platforms.

It is well known that significant fluctuation of
wind velocity occurs at periods up to hundreds of
seconds. Figure 12 shows typical wind and wave
spectra with typical platform periods noted for
comparison purposes. From this figure, it is
easily seen that the wind can provide large energy
inputs for certain degrees-of-‘reedom of a tension
Teg platform.

Many models of wind spectra have been proposed in
de.ign codes and the scientific literature.
Unfortunately, they disagree in the low frequency
range which is of most interest for the design of
compliant structures. Much of the data upon which
these model spectra are based were obtained over

land, and measurements 1in strong winds,
particularly hurricanes, are scarce.’

Wind-tunnel tests have groved useful for estimating
the fluctuating wind loads acting on platforms.
The extent to which these fluctuating loads can
cause resonant-type conditions in compliant
structures is very difficult to ascertain.
Reliable information on full-scaie hydrodynamic
damping, which controls the magnitude of the
resonant amplifications, {s not available.
Reference 10 presents various aspects of wind-
tunnel testing of compliiant structures. The
reference discusses various methodologies for
obtaining and using wind-tunnel data and techniques
for measuring wind and wave effects simultaneously.

7. Conclysjons

This paper was written to provide the reader with
an understanding of the key considerations in
determining the response and performance of
offshore facilities to wind-induced loads. As
compared to onshore structures, wind loads on
offshore structures act in combination with other
loads produced by waves and currents. Wind loads
are not unique for offshore structures, but
because of their significant effects in combination
with the other environmental loads, they must be
carefully considered in the design process. This
is absolutely vital in the design of compliant
platforms. The references cited should be
consulted to acquire a more rigorous overview and
apprecfation of the aspects of winds acting on
otfshore facilities.
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IMPORTANCE OF WINDS

Model offshore platform illustrating

Figure 2
typical load sources.

WIND LOADS
WAVE GENERATION
SURGE GENERATION
CURRENT GENERATION WIND DATA SOURCES

Examples of important wind contribution

to Joads on offshore structures.
VISUAL OBSERVATIONS

COMPUTATIONS FROM PRESSURE
MEASUREMENTS

Figure 1

Figure 3  Typical means for determining wind
speeds offshore.



EASTERLY MOVING STURM
OFF WESY COAST

Figure 4 Moving wind field fllustrating wave

growth path towards a structure
at a fixed location.

Wave Growth and Propegetion
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Figure 5 View of a wave generating area, showing

development of smaller, generally
steeper and short-crested waves in the
early stages.

WAVE GROWTH WITH TIME AND FETCH
{40 KT wines)

UNLIMTED FEFCH
“ 4“0

wave ¥ »}
KEicHY n:::':t

() nr-

1)

"l "l

1 1 1 1 . i i i I 1 1 1

08 NN M 0 60 120 180 240 300 360 429 400
DURATION (MRS} FETCH (W M)}

UNLIMITED TRE

Figure 6 Collation of wave height, wind duration,

and fetch.

49

1.3.2 Winds

2.3.1¢c Dynamic Wave Analysis
4. Winds

2.3.2 Wind

2.3.2a Generai

2.3.2b Wind Velocity Profiles and Gust Factors

2.3.2c Wind Velocity and Force Relationship

2.3.2d Local Wind Force Considerations

2.3.2e Shape Coetficients

2.3.2f Shielding Coefficients

2.3.2g Wind Sensitive Structures

2.3.2h Wind Tunne! Data

Table 2.3.4-2 Guideline Extreme Wind Speeds for
Twenty Areas in the United States Waters

Figure 7 Section of API-RP2A which applies to
wind aspects of platform design.
TIME VARIATION OF WIND SPEED
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Figure 8 Variation of wind speed at a fixed

elevation showing typical averaging time
intervals.
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Figure 9 General wind profile recommended by API -
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AND REPORTING DATA
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Deep Ocean Recordings of Tsunamis

Frank

ABSTRACT

Excellent deep ocean tsunami
measurements were recently acquired in
the Gulf of Alaska, using bottom
pressure recorders developed over the
last decade at NOAA's Pacific Marine
Environmental Laboratory. The
observations were made as part of the
Pacific Tsunami Observation Program,
which has maintained a deep ocean
network since 1986. Successful
acquisition of these data demonstrates
the feasibility of long~term tsunami
monitoring in the deep sea with self-
contained instrume.tation on the ocean
bottom.

KEYWORDS: Tsunami; pressure;
measurements; PacTOP.

1. INIRORUCTION

Along the U.S. and Hawaiian coast, six
major tsunamis have inflicted about 350
casualties and half a billiun dollars
in property damage over the last 44
years (Bernard and Goulet, 1981).
Along the entire Pacific rim, an
average of one destructive tsunami a
year has occurred over the last 100
years, and more than five tsunamis are
generated each year of sufficient
amplitude to be observed (Lockridge,
1987). High quality measurements of
even these smaller tsunamis would be
extremely valuable to tsunami research.
Indeed, such data are now essential to
further improvements in our
understanding of tsunami generation and
propagation, since theoretical
developments and huge increases in
computatiocnal power over the last two
decades have far outstripped the
usefulness of our existing
observational data base.

This is because most tsunami
measurements in the data base have been
made by coastal tide gauges, which are

1 NOAA/Pacific Marine Environmental
Laboratory, 7600 Sand Point Way NE,
Seattle, WA 98115

by

. Gonzalez!

inadegquate for a number of reasons.

Small tsunami amplitudes and periods
are typically an order of magnitude
smaller than the tidal signals for

which a tide gauge is designed; as a
result, time and height scales of a
tide gauge are generally inadequate.

The gauges are frequently characterized

by a nonlinear response and are

invariably located in protected inlets

and harbors which may themselves have
complex responses to an incident
tsunami.

decrease the signal-to-noise ratio
(SNR), so that tsunami arrival is
unambiguous only when it is

serendipitously preceded by a sea level

record which is quiet compared to the
incident tsunami energy. But the

arrival of the tsunami itself can then

excite local resonant modes of
oscillation.

Any of these factors can seriously
distort the signal of interest and

render the records useless for research
into the fundamental physics of tsunami

evolution: generation, deep o<ean
propagation, shoaling, and coastal
inundation. These investigationa
require accurate tsunami measurements

in the deep ocean and at coastal sites

fully exposed tc the open ocean.
2. PRacTQP

To acquire the necessary data, the
National Oceanic and Atmospheric

Administration (NOAA) and the U.S. Army
Corps of Engineers (USACE) have entered

into a collaborative effort known as
the Pacific Tsunami Observational
Program (PacTOP), which has developed
and maintains a long-term tsunami
monitoring network. NOAA is
responsible for the continued

occupation and maintenance cf five deep

ocean stations, utilizing bhottom

pressure recorders and moorings such as

those shown in Figure 1; the USACE
provides coastal tsunami measurement

Local atmospheric forcing can
increase the background noise level in
the tsunami frequency band and severely



capabilities at six primary pressure
gauge sites in shallow water exposed to
the open ocean, and three secondary
sites situated in coastal inlets
(Gonzalez, ot al., 1987).

The deep ocean BPR network is designed
to monitor critical portions of the
seismically active Aleutian-Alaskan
Seismic Zone. This region generated
three of the six most recent tsunamis
that attacked the U.S. and Hawaiian
coast; furthermore, these three
tsunamis accounted for more than 82% of
the casualties and 85% of the property
damage (Bernard and Goulet, 1981).
Future tsunami threats to Alaska, the
U.S. west coast and the Hawaiian
Islands are concentrated in sub-regions
of the Aleutian-Alaskan Seismic Zone
known as the Fox, Unimak and Shumagin
Seismic Gaps; these have been
identified with significant potential
for large tsunamigenic earthquakes
{Nishenko and Jacob, 1990).

One source station is located in the
Shumagin Gap itself, on the landward
slope of the Aleutian Trench, three
directional array stations form a
triangle centered about 250 km
southeast of the source, and one far-
field station is located 2200 km
distant from the source, near the
great-circle route from the Shumagin
Gap to Crescent City, California. Four
of these five station locations 2 e
shown in Figure 2; the fifth station is
located at the southern apex of the
equilateral triangle formed with
stations AK7 and AKS8, ai.d is not shown
because the BPR was not recovered at
this site during the 1987-88 field
season.

3. INSTRUMENTATION

Two types of BPR units and their
associated moorings are presently in
use (Figure 1). Each BPR utilizes a
Paroscientific Digiquartz Model 410K
(0-10,000 psia) transducer and records
a 56.25-second average prassure every
56.25 seconds (64 samples per hour),
with a resolution better than 1 mm
equivalent sea water head for signals
of period of a few minutes or longer.
(A new generation of BPRs currently
under development will be capable of
acquiring 15 s samples with the same
resolution.) The units are entirely
self-contained and store data

internally, with a capacity
corresponding to about 14 months of
operation; this allows for early summer
deployment and late summer recovery, if
necessary. Eble et al (1989) discuss
instrument characteristics and BPR data
processing procedures in some detail.

Schematics of the two mooring designs
are presented in Figure 1. Important
ancillary components shown include an
acoustic release that disengages an
anchor, sufficient buoyancy in the form
of glass spheres or or syntactic foam
to raise the anchor-less unit to the
surface, and a marker buoy with a
number of recovery aids (VHF
transmitter, strobe light, radar
reflector, marker flag).

Twec Or more oceanographic cruises are
conduzted each year to recover and re-
deploy BPRs at each of the deep ocean
PacTOP stationg; as a practical matter,
Gulf of Alaska weather patterns
restrict these cruises to the summer
months. Out of seventeen

deployment /recovery cycles to date, one
instrument has been lost, another has
flooded, and some data loss has
occurred in the records obtained;
equipment and data recovery rates for
the project are currently B88% and B2%,
respectively.

4. ISUNAMI RECORDINGS

Three large intraplate eartrquakes
recently occurred in the Alaskan Bighc,
with magnitudes 6.9 M; on 17 November
1987, 7.6 My on 30 November 1987, and
7.6 Mg on 6 March 1988 (Lahr et al.,
1988). The epicenters were somewhat
south of the subduction zone associated
with the Yakataga Seismic Gap, a region
similar to the Shumagin Seismic Gap in
that it is also associated with a high
probability of experiencing an eventual
great tsunamigenic earthquake (Savage
and Lisowski, 1986; Nishenko and Jacob,
1990).

The transformation of seismic energy to
tsunami energy during all three
earthquakes was relatively inefficient,
since the apparent faulting mechanism
in all three cases was primarily
strike-slip, and most of the crustal
motion was therefore horizontal.
Nonetheless, each earthquake did
generate a small tsunami which was



detected both on the coast and in the
deep ocean. Gonzalez et al.(1990a)
provide a discussion of all of the
PacTOP and coastal tide gauge
observations of these events, and
Gonzalez et al. (1990b) have compared
the deep ocean BPR observations with
numerical simulations using a nonlinear
shallow water tsunami model.

Figure 2 is a summary map for the
earthquake and tsunami of € March 1988.
Contours of a quadrupole feature are
displayed southwest of Yakutat which
represent estimates computed using
Okada's (1985) expressions for the
ratio of vertical seafloor displacement
to total seismic slip; units are cm/m,
the contour interval is 1, outermost
contours have the values *1, solid
lines indicate uplift, and dashed lines
indicate subsidence. Computed extrema
and rms values were 112 cm/m and 3.8
cr/m, respectively. Lisowski and
Savage (1989) estimated total right-
lateral slip due to both the 30
November and 6 March earthquakes to be
2.9 £ 1.2 m using geodetic means, and
4.5 m using the seismic moment. The
average of these two estimates is 3.7
m, and if half of this slip occurred on
6 March, then the model computations
suggest extrema and rms vertical
displacements of 22 cm and 7 cm,
respectively.

Tsunami records obtained at the PacTuUP
deep ocean stations and Alaskan coastal
tide gauge stations are also displayed
in Figure 2. BPR data are 60-min high-
pass filtered, and tide gauge data are
3-60 minute band-pass filtered.

Tsunami estimated time of arrival
(ETA), as computed by NOAA's Pacific
Tsunami Warning Center, is indicated by
a vertical arrow on each record. The
maximum recorded coastal wave height
was 21 cm at Yakutat, while the maxima
recorded at BPR stations were 2.8 cm at
WC9, 2.4 cm at AK7 and 1.6 cm at AKS.

At AK10 on the slope of the Aleutian
Trench, at least one cycle of a
coherent, relatjvely low frequency wave
of amplitude 0.4 cm is seen to arrive
at about the tsunami ETA. The observed
period of 5.2 minutes is also iong
compared to that of the background
energy but consistent with tsunami
periods measured at the other three
stations. Tsunami detection at this
station is therefore possible, but
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nonetheless uncertain, since the
observed amplitude of 0.4 cm is of the
same order as the background noise
level.

The records at AK7, AK8 and WCY9 display
tsunami wave systems which are
classically dispersive and amplitude-
modulated to form distinct wave
packets, as predicted by theory (see,
e.g., Kajiura, 1963, or Mei, 1983).
Tsunami first motion is negative at AK?
and AK8, and this is consistent with
subsidence in the southwest quadrant of
the computed seafloor displacement
pattern. The SNR at WC9Y9 is too low to
be certain of tsunami first motion, but
it does appear to be negative;
interpreting this observation in terms
of the model seafloor displacement is
difficult in this case, since the
source/station geometry is such that
refraction effects may be important.

Finally, it is also of considerable
interest to note the apparent detection
of seismic surface wave energy in the
BPR records, a few minutes after the
earthquake main shock (Figure 2). Wave
velocities estimated from the time of
arrival at stations AK7 and AKE were 3-
4 km/s, in good agreement with speeds
which might be expected for Rayleigh
(Rl) waves and/or vertical shear (SV1)
waves in oceanic crust (Brune, 1979).
The data are clearly aliased, but
deployment of the new generation of
BPRs characterized by a 15 s sampling
interval promises to provide improved
resolution of these low-frequency
seismic phenomena.

S. GCONCLUSIONS

Theoretical and numerical capabilities
in tsunami research have outgrown the
existing cobservational data base, which
is composed primarily of coastal tide
gauge records that suffer from
nonlinecar distortions, inappropriate
time and height scales, the frequent
presence of energetic local resonance
phenomena, and low SNR for small
amplitude tsunamis. High quality
tsunami measurements are now needed in
the deep ocean and at exposed coastal
locations if our understanding of
tsunami generation, propagation and
inundation are to be improved. Small
tsunamis are statistically common in
the Pacific basin, and their accurate
measurement would be extremely valuable



to the tsunami research effort. PacTOP

has successfully acquired excellent

deep ocean tsunami records 7.
characterized by maximum amplitudes of

only a few centimeters, clearly

demonstrating the feasibility of long-
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Measuresaent and Modeling of Coastal Storm Effects

BY

2 3
William E. Roperl, H. Lee Butler , and Andrew Garcia

ABSTRACT

This paper describes techniques used
by the Coastal Engineering Research
Center (CERC), U.S. Army Engineer
Waterways Experiment Station, for
measurement and modeling of c-astal
storm effects. Use of time-
dependent numerical models for
simulating water levels and flows in
open coastal waters, estuaries,
bays, or lakes has become a standard
practice. This practice has been
extended to modeling wave conditions
generated by the storm and beach
response to storm attack.

Historical CERC research on model
development and measurement advances
is discussed by relating these
advances to practical investigations
performed for various Corps
Districts and Divisions. 1In
addition, the paper presents a
synopsis of the recent storm,
Hurricane Hugo, which devastated che
coastline and infrastructure of
South Carolina. Research teams
were dispatched to the scenz to
obtain high quality measurements of
high watermarks, beach profiles, and
structural damage.

KEYWORDS: Storm Surge; Waves;
Hurricane; Numerical Modeling; Beach
Response; Erosion; Measurement
Techniques; Hugo.

1.0 INTRODUCTION

The U.S. Army Corps of Enjineers, as
the U.S. Government agenc responsi-
ble for protection of the coasts of
the nation, must be able to accu-
rately predict coastal flooding from
storms in order to make sound
engineering decisions regarding the
design, operation, and maintenance
of various coastal projects. This
mission requires the acquisition of
high quality field data for the
validation of predictive numerical
models of surge, waves, and beach
erosion.
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Efficiency in design of coastal
protection is becoming more and more
important. Development of coastal
regions, costs of damages from
storm- induced water levels, :«nd
costs of protection from these
waters are all increasing. Adequate
protection for coastal regions is
desired; however, due to monetary
constraints, the amount of water
level protection that can be con-
sidered adequate becomes a question
for which there is no easy auswer.
Therefore, inherent in any <oastal
protection project (new or rehabili-
tation effort), there is # need to
develop the best possible estimate
of stage- and erosion-frequency
relationships for the project area,
as well as an estimate of the error
in these relationships. Research
and development in the area of water
level and beach erosion prediction
is directly linked to the needs of
the Corps District user who has the
responsibilitv of providing econom-
ical and practical designs for each
coastal project.

This paper briefly presents the type
of models and approach used by the
Corps in simulating storm events and
their effects as well as on the
advances being made in instrumenta-
tion development and field data

1Assistant Director, Diri:torate of
Research and Development, Civil
Works Program, Headquarters, U.S.
Army Corps of Engineers, Washington,
D.C.

2Chief, Research Division, Coastal
Engineering Research Center, U.S.
Army Engineer Waterways Experiment
Station, Vicksburg, MS.

3Research Oceanographer, Prototype
Measurement and Analysis Branch,
Engineering Development Division,
Coastal Engineering Research Center,
U.S. Army Engineer Waterways Experi-
ment Station, Vicksburg, MS.



collection methods which permit
acquisition of quality data sets for
use in model validation. 1In
addition, a discussion of the recent
storm, Hurricane Hugo, which devas-
tated the coastline ot S»outh
Carolina at the end of the summer of
1989, and its impacts is presented.
Also presented are descriptions of
field data collection and modeling
efforts associated with the event.

2.0 FIELD MEASUREMENTS

Recognizing that development and
improvement of storm surge and
nearshore wave hindcast numerical
models are crucially dependent upon
appropriate atmospheric and hydro-
dynamic data, efforts within CERC
are focused on acquiring the needed
data. Because these required data
are typically perishable, that is,
of limited or little value if not
acquired during or shortiy after a
storm, instrumentation &nd the
logistics necessary to conduct post-
storm surveys have to be in place
prior to the time of storm landfall.

During the last decade, CERC has
maintained a nucleus of personnel
experienced in conducting post-storm
surveys. Because the local infra-
structure 1s typically disrupted
after passage of a storm, experience
in conducting post-storm surveys
includes the ability to communicate,
travel, and sustain operations
unassisted in the area for at least
several days. Moreover, the team
must make efficient use of the
limited time available to complete
as many meaningful measurements as
possible. This involves rapidly
identifying and selecting accessible
areas that have experienced signifi-
cant storm effects.

In addition to post-storm high water
mark and beach profile surveys,
valuatle data acquired during an
event include wind, tide, and wave
data. Acquisition of wind data is
officially the responsibility of the
National Weather Service (NWS).
However, anemometers used primarily
for providing environmental data for
other purposes, such as tracking

exhaust plumes from industrial and
public utility plants, often provide
valuable supplementary information.

For the purpose of verification of
storm curge models, tide gage data
acquired along open coasts have
broader application as the data are
less affected by site specific
characteristics. To acquire these
data, the Corps is cooperating with
the National Ocean Service to
establish a coastal tide gage
network designed to withstand
hurricane effects. There ar~
presently ten sites within tuis
network with new sites being
established at the rate of one or
two annually.

Acquisition of wave data during
storm events relies primarily upon
having instruments in place prior to
passage of a storm. The Corps
presently acquires wave data at
approximately 50 nearshore sites
along the oceanic coasts of the
continental United States and within
the Great Lakes. Data acquired by
NOAA buoys located farther offrhore
supplement those acquired by the
Corps. The remote sensing of
surface waves, such as performed by
satellites, may at some future time
complement the existing wave data
acquisition network. There also is
the possibility of developing a wave
buoy which may be deployed in the
path of an approaching storm from an
aircraft.

3.0 NUMERICAL MODELING

In coastal regions, storm surge
analysis is essential to proper
planning and design of engineering
works and in assessing the extent
and levels of flooding. The theo-
retical approach to estimating the
frequency and levels of flooding in
coastal waters has been to apply
numerical models for simulating the
storm-indiced water motions.
Earlier studies involved investi-
gating project impacts for a
Standard Project Hurricane (SPH).
Such a storm is usually defined as a
hurricane having a severe combin-
ation of values of meteorological



parameters (such as the storm
radius, forward speed, pressure
deficit, and track) which give high
sustained wind speeds considered
reasonable for a given location.
Later studies have shifted to using
the joint probability method (JPM)
to establish the frequency of flood
level occurrence.

The typical storm surge model solves
the vertically integrated, time-
dependent, shallow water wave
equations of fluid motion. Such
models as the WES Implicit Flooding
Model (WIFM) developed by Butler (1)
have been employed in several Corps
studies in the past two decades.
These studies included investi-
gations in support of a hurricane
barrier protection plan for Lake
Pontchartrain, a northern boundary
for the city of New Orleans,
Louisiana (2).

In the early 1980's, a study was
conducted to investigate the
frequency of storm plus tide flood
levels along the coast and within
the bays of southern Long Island,
New York (3). The study involved
the development of two WIFM models,
collection of field data for tidal
calibration, computation of coastal
and back-bay stage frequencies, and
analysis of alternative barrier
(dune, and inlet gate configura-
tions. The JPM approach was used to
determine stage frequencies for
hurricanes, extra-tropical storms
(northeasters), and tide events
along the south shore of Long
Island. New statistical procedures
were used to minimize the computa-
tional affort while providing
accurate error estimates (4,5).

Following the Long Island study, a
request to apply similar technology
to an area just north of Boston,
Massachusetts, was made by the New
England Division of the Corps. The
purpose of the study (5,6) was to
determine flood levels in the back-
bay reaches of the Saugus-Pines
River system as well as develop the
frequency of water volumes caused by
storm waves overtopping seawalls
protecting a residential area called
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Roughans Point. Flooding caused by
wave overtopping is an annual
occurrence. In order to determine
the economic viability of possible
protective measures, it was neces-
sary to establish the frequency of
the flood levels caused by wave
overtopping for both the existing
conditions and the proposed pro-
tective measures.

Wave overtopping is a complex
phenomenon which is governed by a
number of sometimes Iinterdependent
variables such as tide, storm surge,
wave height and period, and struc-
ture height and slope. To study
this problem five models were used
in conjunction. The WIFM model was
used to calculate the still-water
level, and a spectral wave model
estimated the characteristics of
waves which would attack the struc-
tures at the water levels predicted
by the surge model. A physical
modei produced an analytical rela-
tionship for determinring overtopping
rates given water level, wave height
and period, and structure character-
istics. A flood routing model
calculated the maximum stage in the
interior of Roughans Point caused by
each simulated event. A probability
model chose events to simulate,
assigned probabilities to those
events and constructed the stage-
frequency curves. These investi-
gations resulted in defining the
most economical seawall, berm/
revetment plan which would provide
sufficient protection for events
with a given frequency of
occurrence.

Recent model studies have included
investigations for portions of the
coastlines of New Jercey (7) and
California (8) to assist the
evaluation and implementation of
comprehensive shore protection plans
for these coastlines. These studies
included four broad areas: (1)
deepwater wave climate analysis and
nearshore wave refraction, (2)
numerical modeling of long-term
shoreline change, (3) numerical
modeling ot storm-induced beach
erosion, and (4) development of
stage-frequency relations for the



back-bay and open coast and related
frequency of erosion. These studies
represent an integrated attempt to
quantitatively evaluate long-and
short-term coastal processes on a
regional scale for use in
engineering design.

The numerical modeling system
currently used by the Corps for
simulating storm processes and
related effects is the Coastal
Modeling System or CMS (9). The CMS
was developed by CERC and comprises
a number of numerical models used in
coastal studies. The system pro-
vides a means to organize existing
and new CERC modeling software into
consistent, standardized versions,
using established implemen’ation
procedures and data formats. This
in turn permits easier Corps-wide
access to the technology. Resident
in system (or planned) are codes for
modeling long wave hydrodynamics
(such as tides, storm surge,
seiches, and tsunamis), tropical
(hurricane) and extra-tropical
windfields, spectral wave models,
wave transformation models, and
sediment transport models (longshore
transport, dune erosion, beach mor-
phology, and basic sediment
transport).

Current research and development is
aimed at improving wind estimation
models arnd treating the combined
effect of wind generated waves and
surge in a more rigorous manner.
Research in several programs as well
as knowledge gained iu specific
mission support studies are contri-
buting to the advancement of storm
surge modeling and related effects.
This research includes a major
thrust using both a morphological
approach and the use of a system of
deterministic models for tide,
waves, wave-induced currents, and
sediment transport. Recent advance-
ments in three-dimensional model
development will provide a means of
simulating the vertical structure of
the storm flow field and conse-
quently a better estimate of
associated sediment transport.

4.0 HURRICANE HUGO

4.1 Synopsis

Hurricane Hugo is the costliest
hurricane in U.S. history. The
American Insurance Association
reports $3.0 billion dollars as a
preliminary estimate of insured
property damage for the U.S.
mainland and $1.9 billion dollars
for Puerto Rico and the U.S. Virgin
Islands. Both figures dre subject
to upward revision. Hurricane
damage estimates for past storms
often have been two to three times
the insured property damage, thus
the damage total due to Hugo may
exceed $10 billion dollars (10).

The first aircraft reconnaissance of
Hugo was made on 15 Septcuber 1989
when the storm was locattd several
hundred kilometers east - £ the
Leeward Islands. Tue aiicraft
reported a maximum wind speed of 165
knots, the highest winds observed
during the duration of the storm.
Hugo moved on a westerly course that
took the eye across the Islands of
Guadeloupe, St. Croix, and Vieques,
Puerto Rico. After leaving Puerto
Rico, the storm took a more
northerly track toward the U.S.
mainland. At the same time the
forward speed of the storm increased
significantly. Because the track at
this time was nearly parallel to tue
South Atlantic coastline of the
United States, small changes in the
storm’s direction resulted in large
changes in the predicted landfall
site.

Thirty-six hours before landfall in
South Carolina, NWS predictions had
the storm coming ashore near the
northern border of the State of
Florida. Just 12 hours prior to
landfall, the eye of Hugo was
expected to cross the coastline near
the city of Savannah, Georgia, and
evacuation was undertaken. Late on
the evening of 21 September, Hugo
came ashore at Charleston, South
Carolina, tracked across the state
and turned northward and moved
through the western edge of
Virginia.

Hugo came across the barrier islands



fronting the wainland, causing
devastation from just south of
Charleston (Folly Island) to the
North Carolina border, a distance of
about 200 km. In addition to the
coastal damage, Hugo caused sub-
stantial tree blowdown across large
areas in both South and North
Carolina. The storm generated
numerous small tornadoes which
touched down and cut off trees at a
3 m height across the two states.
Infrastructure damage behind the
beach was severe, Homes located on
the barrier islands were moved from
their foundations and boats were
transported across inland bays and
lagoons to the mainland.

Federal and State agencies were
mobilized for victim assistance and
damage assessment. In addition,
there was concern for new flooding
from high lunar tides (exceeding 1 m
above normal) expected In mid-
October. The dune line had been
destroyed over 95 km of coastline.

A combination of the Federal
Emergency Management Agency
decision, resource and tasking, and
a request for state assistance, led
to building emergency berms along
the seafront for a total distance of
65 km to protect the infrastructure
from more significant damage caused
by the high lunar tide. The mission
proved a great success, saving
millions of dollars of additional
damage at a cost of about $2.8
million.

4.2 Fleld Measurements

For the purpose of delineating
structural and beach damage as well
as documenting the impacts of Hugo
to assist future research efforts,
CERC sent three teams of engineers,
scientists, and technicians to
survey high watermarks, beach
profiles, and structural damage.
These data will eventually be very
helpful for validation of Corps
storm surge model methodology and
beach response models. It is
necessary for surge height calcu-
lations to be very accurate because
an extra 30 cm of height for a
seawall can be a very large cost.

Mindful of the need to acquire
accurate data on the storm’s impact,
a team was positioned in a North
Carolina mainland town to move in at
first light and begin making high
water mark measurements. Due to the
severe infrastructure damage, logis-
tics were near impossible but a
great number of measurements were
completed.

A second team was dispatched to
Myrtle Beach, South Carolina, to
undertake measurement of beach
profiles. The State had collected
over 75 profile measurements within
3 months prior to the storm.
Profiles change little during the
summer in ihis area, so a field
effort dir:ctly after the storm
would result in a high quality data
set depicting the effect Hugo had on
the beach and its dune system.
Again, hurricane impacts on beaches
and dune systems are important to
the Corps because project justifi-
cation 1s based on flood and/or
storm damage protection., There is a
need to know how high a dune needs
to be, or how wide a beach, in order
to survive a given storm surge and
waves. In recent years, CERC has
developed numerical models to inves-
tigate dune erosion, but there are
very little data to verify the
models. Some survey monuments were
lost in the storm but profile
measurements were completed for
chose which survived. Additional
data were obtained from both
infrared and visual aerial photog-
raphy along the beach and as far as
10 km inland.

A third team surveyed structural
projects and beach damage along the
entire affected area. Included were
inspections of seawalls and asso-
ciated beach elevation, revetments,
barrier island overwash and
breaching, jetties and bulkheads,
dune systems and breaching, and
other structure integrity. Findings
can be summarized as follows. Where
the large dunes held, there was less
upland damage and conversely, sub-
stantial upland structural damage
occurred where dunes were destroyed.
The beaches eroded along the entire



study area, and in some cases the
old marsh surface was exposed. Some
sand went offshore, and most of it
back onto the island. Coastal
structures had varying degrees of
damage. Most large ones survived,
providing some degree of protection.
Most of the smaller protective shore
front structures were completely
destroyed with heavy damage to
houses behind them. There was
little or no apparent damage to the
landward portion of navigation
structures, such as the jetties at
Murrells Inlet, South Carolina.

4.3 Model Analysis

Hugo weakened as it crossed Puerto
Rico and appearances seemed it might
not be much of a storm when it made
landfall on the east coast of the
United States. Then it began moving
erratically and strengthening. Hugo
changed direction several times, and
appeared to be heading for landfall
about 45 km south of Charleston,
until another direction change at
the last moment brought the eye
ashore at Charleston,

Because of the counterclockwise wind
motion in a hurricane, the maximum
winds and largest surge and waves
are on the right side of the eye as
it moves forward toward the shore-
line. The maximum winds for Hugo
(shortly before landfall) were about
45 km north of the eye of the storm.
If the eye of the storm had made
landfall 45 km south of Charleston,
instead of passing directly over the
city, the surge at Charleston would
have been much higher.

CERC performed compute: simulations
of Hugo using both a wind model and
surge model (NOAA‘s SLOSH model
(11)). These simulations produced
results which can be graphically
visualized to show the hurricane
leaving Puerto Rico and weakening,
the path meandering, then
strengthening, and finally
collapsing after making landfall.
The models were used to investigate
what would have happened if the eye
of the storm made landfall 45 km
south ¢f Charleston instead of

directly over the city. Hugo
actually produced maximum surge
levels north of Charleston in a
relatively unpopulated area. High
water mark measurements gave a
maximum surge of over 6 m above mean
sea level. Simulating the same
event, but with a landfall 45 km
south of Charleston, the entire cirty
would have been under water. The
actual measured surge at Charleston
was 3.2 m above mean sea level. The
simulated surge for a hurricane
landfsll south of Charleston gives a
surge height greater than 6 m.

There would have been hurricane
force winds and waves on top of that
surge.

Charleston is a relatively small,
low-lying city, with a population of
about 70,000. A 6-7 m surge would
have been more disastrous for a
larger city like Jacksonville,
Florida, which has a population of
about 500,000. The last 20 years
have been a relatively quiet period
for hurricanes, and people tend to
forget past hurricanes. There is
real potential for major disaster
from these storms. This potential
inspires continued research efforts
to improve model and measurement
technology for assisting project
design to achieve successful results
vhen the project is constructed.

Additional studies will be performed
using the data acquired for Hugo.
This event has provided a unique
opportunity to investipgate the
accuracy and dependability of models
for simulating wind, surge, wave,
and beach erosion phenomena.
Continuing studies will include
modeling the hurricane windfield for
input to a detailed surge model.

The surge model will simulate
combined tide and storm effects by
using tidal constituent data by
Schwiderski (12) plus an elevation
due to the inverted barometer effect
for open ocean boundary conditions.
A spectral wave model will be used
to simulate wave conditions
generated by Hugo. Combining these
computations with the surge plus
tide simulation, an estimate of the
total water level produced by the



storm can be made. These data will
be archived in a database for later
forcing a storm erosion model which
will be applied at the sites where
profile data were taken. All of the
model simulations will be made as a
"blind" test of model accuracy and
dependability.
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ABSTRACT

The Netiocnal Weather Service of the U. §. has
developed the Sea, Lake, and Overlsnd Surges
from Murricanes, (SLOSH), wmodel to forecast
ustorm surges vhenever a tropical storm threat-
ens. The model is applied to 33 basias, Pig 1,
along the Culf of Mexico aad the Atlantic
Coasts of the United States. 1t is being
applied to sections of the People’s Republic of
China, India sud the islands of the Bahamas.
The model is also wsed as a tool for stora
evacuation plsoners to delineate areas of po-
tential flooding.

1. INTRODUCTION

SLOSHE—1s a numerical-dynamical computer model
desigued to compute tropical atorm surges. The
model was designad in the Naticnsl Weather Ser-
vice's Techniques Developwent Laboratory for
“real-time” forecasting. The storm surge—a
significant increase iu water level accompsay-
ing & storm—has loag been known as the sajor
chreat to life. 1In one incident alooe, stors
surge from the 1900 Calveston hwrricane
resulted ia 5000 to 6000 desths.

Tide gage observations taken during a stora's
passage shov that the storm surge lasts, typi-
cally, about 6 hours and affects about 100
ailes of cosstline. Very large, slow-moving
storms can produce significaant surges for a
much looger period and affect a longer stretch
of cosstline. To emphasize the threst posed by
the surge, consider the surge from Murricane
Canille in 1969 which reached 24 feet, or the
surge from lurricane Hugo in 1989 which reached
20 feet.

2. THE SLOSH MODEL

The S10SHE model is two—dimensional, coveriog a
segment of the continental shkelf, inland water
bodies and terrain. The equatiocas of fluid
motion are solved nwserically, incorporating
floite smplitude effects but not the advective
terms from the equations of motion. SLOSH uses
a time~history bottom stress (Placzwan, 1963;

Jelesnianski, 1967), corrected for finite am—
plitude effects. At any given poiant, the com—
puted surge is designed to reproduce the time—
history of a long-period gravity wave as shown
on 8 tide gage hydrograph or stage record.
Short period phenomena, such as wind waves and
their associated “rum—up”, are ignored.

Most SLOSH basins use s polar grid, such as the
one shown for the Lske Pontchsrtrain/New Orle~
sns basia FPig. 2e. Thise polar grid allows a
fine wesh io the primary area of interest. One
advantage of this grid is that dboundary condi-~
tions are imposed far from the area of inter-
est. Other basins use an elliptical/hyperbolic
grid which have special properties that can be
used advantageously, FPigs 3(a,b).

On every grid "square” of the model, a value of
terrain height or water depth is supplied, thus
tailoriag the model to a specific basin area.
Literally bundreds of maps (U"7S quadrangle ar
topographic waps, N0OS bathymetric charts, and
various types of plats) are used to specify
these values. The model incorporates barriers
which impede the flow of water and allows for
the overtopping of these barriers. Such barri-
ers, include duneg, leveer, spoil arecas, natu-
ral ridgeg, reefs, and vsrious san-ssde struc-
tures. The model also treats sudb-grid size
flow through cuts between barriers, channel
flow, and width variations aloug rivers.

As the computations proceed in time and if wa-
ter overtops barriers, water spille into areas
behiod the barriers and is acted on by storas
driving forces. Model computstions sre turned
oa for newly wetted grid squares. Likewise, as
water recedes, computations are turned off on
dried grid squares. Water penetrates inland
until impeded by other barriers or nsturally
rising terrain. It is possible for a storm to
produce massive inuadation across low lyiog
terraia, extending meny ailes inland.

Imbedded within SLOSH is a tropical storm wind
sodel. Por a computsticnal ruan of SLOSH for a
given storm event, the user must supply sieple,
time~dependent meteorological parsmeters.



These are: position (latitude and longitude)
of the hurricane, central pressure, and storm
size (distance from storm center tc the maximum
wind).

These inputs are entered at 6-hour intervals,
beginning 48 hours before landfall and ending
24 hours after landfall. In the event the
storm does not make landfall, the time of the
stors nearest to a basin's defined origin is
used instead of landfall time. Note that wind
is not an input parameter. The SLOSH storm
model produces a vector wind field throughout
the basin by balancing forces according to the
meteorological input parameters. Fig. 4. de-
picts a computed surge envelope of highest
waters generated by hurricane Betsy, 1965, for
the Lake Pointchartrain basin. The surge con-
tours were drawn from output surge data by a
line printer on the image or computational
plane, Fig. 2b. This is a typical result when
computiang with historical storms for any of the
basins of Fig. 1.

3. MODEL ACCURACY

We attempt to simulate inland flooding with
historical storms in order to verify the SLOSH
model. Surge data consists of tide gige obser-
vations, staff gage records and high water
sarks. High vater marks inside buildings or
structures are the least accurate due to con-
tamination by wave action and inadequate damp-
ing or overdamping of the water levels by the
structure. Often high water marks vary by 20%
for two nearby locations.

Before a SLOSH simulation, the hurricane's
track is determined as precisely as the data
allow. In addition to the track, we estimate,
the storm’'s radius of maximum wind and its
central pressure.

ln Fig. 5, we show the combined results of
simulations for several basins. The error is
generally within + 20X for the significant
surges, with a few observations falling outside
that range. A total of 572 surge observations
were used to develop this figure. These obser-
vations were taken throughout the area atfected
by the surge--around the maximum surge, on
inland terrain, at the storm's periphery, and
along inland water bodies. Note that the tide
gage data are limited to the lower observed
heights; tide gages frequently fail during
sajor surge eveants.

The SLOSH mcdel is not “tuned” for a particular
geographic location, but uses “"universal™ spec-
ifications for constants such as the wodel's
drag coefficient, bottom stresa, etc. This
allows us to adapt SLOSH to any geographical
location, whether or not it has ever experi-
enced a s.orm, and have confidence in the wod~
el's computations.

4. EVACUATION PLANNING WITH SLOSH

67

Although SLOSH originated as a forecast model,
it is also used a8 a tool to delincate asreas of
potential storm flooding. With this informa-
tion, an evacuation planner can identity sreas
for evacuation, determine which highways can be
used for evacuation routes, and site shelters
in safe areas.

To find a region's potential for storm surge
flooding, a large number of hypothetical storms
are simulated to impact the area, with the
flooding due to each one archived. These
storms are varied in intensity, size, and land-
fall point along climatologically likely
tracks. Typically, several hundred storms are
simulated in a basin. This number is sutfici-
ent to highlight critical storm paths that may
pose excessive flooding in an area.

A spinoff of the simulations is an “atlas” cf
flooding within a basin. This atlas comprises
displays of flooding for each storm run for the
coast, a forecaster can turn to the atlas,
match his forecast storm (path, sfize, and in-
tensity) to one already in the atlas, and get
an approximation of the tlooding due to that
storm.

The atlas also contains composites of flooding.
For example, areas flooded by a storm coming
from a given direction, regardless of its land-
fall point, and bhaving a given intensity, may
be combined. This composite aids the forecast-
er by pointing out critical regions where flo-
oding . ay be extreme.

The immense data base for storm evacuation
planning aie stoced in Micro PC's for instant
recall in colorized, graphical output. This is
a continuing development in the National Weath-
er Service of the United States.
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ABSTRACT

This report is the research project plan from Japanese side on Precast Concrete
Seismic Structural System (PRESSS) for U.S. - Japan Cooperative Research Program
which started since 1981 . This PRESSS program is the fourth phase item under the auspice
of the UINRwhich will continue for four years from this fiscal year .Qur Japanese side
program include not only the academic research development but also the establishment of
design guideline and the design manual for precast concrete joints . Through this project , a
feasibility study on "hinge-device svstem” is also discussed.



1. Background & Objectives

Precast concrete buildings have been widely constructed since 1960’s in Japan. In 1965,
Architectural Institute of Japan published a design recommendation for wall-panel precast
concrete building. Since then, the number of precast wall panel concrete building increased
responding to the increasing demand of urban housing supply. In 1974, the Japan Building
Center established "Guideline for High-rise Precast Wall Panel Reinforced Concrete
Structures”, the scope of which is extended up to 8 storied building and it is based on
ultimate strength concept. Most recently, aiming at the savings of shore and reduce
construction period, half-precast construction systems, which use prefabricated beam and
slab and made monolithic by topping concrete at the construction site, has been developed
and widely used now.

In addition to that, the problem of shortage in numbers of construction labors is urgent in
Japan. Construction companies try to rationalize and reduce the need of number of labor at
construction site. Prefabrication is one of the solution of the problem. Some construction
companies have already developed precast frame building system. However the systems are
different each other. Thus, construction plan using the precast building systems require
special screening by the Japan Building Center at present. It cause a delay of construction
schedule and prevent construction of precast building from extensive usage. Further more,
fack of detailed design recommendation is an another problem.

Taking into consideration of these Japanese conditions, the development of commonly
used design method of precast concrete frame building is indispensable. U.S.-Japan
Coordinated Rescarch Program on Precast Concrete Building will cover new guidelines for
design and construction. The coordination between United States and Janan will make it
possible 10 develop new guideline for precast concrete buildings more earlier and more
effectively .

2. Scope of Research

The scope of this research project is as follows:
(1) Type of Structural System
Moment resistant frame system and Moment resistant frame with shear wall system
will be investigated
(2) Limitation of Building Height
Building with less than 15 stories ( less than 45 meters )



(3) Material Strength
Concrete Design Strength fc< 500 kgf/cm?2
Longitudinal Reinforcement Yield Strength  ft 3000 - 5000 kg{/cm?
Lateral Reinforcement ft 3000 - 13000 kg{/cm2

(4) Details of Connection of Precast Member
InJag ‘nso many types of connection are used in practice varied that it is impossible
to tcst all of existing connection systems within the project. Therefore, all of
connection systems are not necessary included in the scope of this project. The
selection of connection systems will be done according 1o mechanical characteristics of
each connection systems.

(5) Nonstructural walls

Nonstructural walls or cladding of buildings are dealt with only from the viewpoint

that they should not have an unfavorable influence to the struc ‘ural members.

3. Target of Research Development

The ubjective of this project is to develop a methodology of earthquake resisting design
and a methodology for quality control of precast concrete building during production and
construction,

The target for development is moment resisting frame building made of precast concrete
which have high flexibility for planning design, as much as monolithically constructed
reinforced concrete buildings.

The Philosophy of seismic design will be based on design philosophy of ductile moment
resisting frame. Design philosophy raay be followed from recently revised draft code named
"Design Guideline for Earthquake resisting Reinforced Concrete Building Based on Ultimate
Strength Concept,” published from Architectural Institute of Japan in 1988,

For precast ccacrete buildings, several different design philosophy exists which include :

(1) CAST-IN-PLACE EQUIVALENT DESIGN

(2) SLIP ALLOWING DESIGN

(3) HINGE MEVICE DESIGN

"CAST-IN-PLACE E«; JIVALENT DESIGN " is design concept which make possible to

design building replaceable by prec-st construction without significant change of design.
"SLIP ALLOWING DESIGN” is design concept which allows occurring slip behavior in
hysteretic loop due to connection characteristics by compensation of increased strength.
Intensive study of non-linear dynamic response analysis considering slip type hysteresis will
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needed. "HINGE DEVICE DESIGN” is design concept which expect and utilize hysteretic
energy absorption at specially designed connector.

In this project, design concept of "CAST-IN-PLACE EQUIVALENT DESIGN” will be
focused on and practical guideline based on this philosophy is planed to be developed.
Design (2) and (3) are planed to be studied in future in accordance with mutural coordination
between U.S. and Japan PRESS.

4. Research Products

As a result of research in this project, several design recommendation and manuals are
planed to developed, especially concermning with "CAST.IN-PLACE EQUIVALENT
DESIGN”. Thes: design recommendation and manuals should cover not only existing joint
construction systems, but also new types of devices flexibly, which will be developed in the
future. Research products are as follows;

{1) Development of design recommendation for precast concrete building
This design recommendation covers moment resisting frame with or without shear wall to

fifteen storied buildings. The guideline is utilized in practice by structural designers and
tuildings superintendent in specific governmental offices where check and evaluate design
procedure before construction of buildings. This recommendation should describes required
seismic performance and the rules for calculation procedure.  The contents will be as
following;

1) Scope

2) Structural planning

3) Stiffness evaluation

4) Design loads for members with joint region

5) Required strength and ductility for members and joint regions

(2) Development of Design Manual for Precast Member Connections

Design manual for Precast Member Connection is planed to be developed in order to
show design procedure, by which designer will able to design connection with satisfactory
performance with respect to strength and ductility.

This design manual should be practically used among structural designer, makers of
precast , constructors, constructing managers, and inspeciors in governmental office.



This manual should describe required performance of joints, design procedure of detail ,
and the technical background data useful for joint design as an appendix.

The coatents of will be as following:

1) Scope

2) Design loads and design required ductility for joints

3) Fundamental rules of design for members with joints

4) Insurance of joint strength

5) Insurance of joint ductility

6) Design ensuring durability

7) Production and transportation

8) Site construction

Appendix A: design example of members and joints

Appendix B: Joint data

Appendix C: Evaluation Standard of joint performance

(3) Establishment of guideline for site construction and erection

The guideline for production and erection contains the items which make us of precast
concrete members and site constructors should follow so that constructed precast concrete
buildings can keep required quality in the process of their production and erection.

This guideline does not contain the items of a qualification check for makers and
cunstructors on quality insurance.

5. Research Plan

5.1 Development of Design Recommendation for precast concrete building
(1) Making Frame Work of Design Recommendation

For the first stage, it is necessary to develop the frame work. Frame work means a logical
structure of design recommendation. By the examination of the frame work, the scope of
research work will be clearly defined and understood. A compilation of existing design
philosophy which is used by precast engineer will be also necessary in this preliminary
siage.

Thus the item which is needed to investigate at first stage will include:

- How to modify current three earthquake resisting design procedure; so called route
1, route 2 and route 3, i.e.
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Joute 1; one of aiternate design method of route 3, route | does not require the
check of lateral strength capacity, which is a kind of strength oriented design. The
scope of route 1 is limited to low-rise building which have enough amount of
Isteral resisting member, and minimum ductility is required.
Joute 2; another altemate design method which does not require the check of
lateral strength capacity, which rely on ductility to some extent.
_route 3; all-mighty procedure but which require the check of lateral strength
capacity.

- How to hand!= buildings which have both monolithic members and precast
members. This problem will arise because the scope of route 1, route 2 and route
3 are defined scparately corresponding to different structural system, i.e.
reinforced concrete, steel and 50 on.

- Examination of existing design philosophy of precast wall panel construction
design, which is currently used by Japanese design engineers

(2) Making Draft of Design Recommendation
Then the details of design recommendation should be malde based on analytical and
experimental research. The problem which should be solved will include:
- The scope and limitation of structural system
- The scope and limitation of number of story, eccentricity, distribution of story
stifTness in height direction
- Lateral strength demand for precast structural system
- Strength and ductility demand to joint which connects between precast members
including two types of connection as follows;
i) connections used in building designed by capacity design concept
fi) connections used in building designed by traditional design concept
- The design philosophy of imperfectly integrated precast floor diaphragm
transferring in-plane force induced by earthquake action
- The design philosophy of serviceability

(3) Experimental Studies on Effectiveness of Design Recommendation
Tests of full scale three-story three-frame specimens representing the bottom three stories
of fifteen-story precast frame structure are planned to be designed. The objects of this
experimental research program is summarized as follows;
- Correlation study between analytical model and experimental result



- Check of construction manual for quality control , which is planed to be
developed as the fruit of cooperative research program between BRI and
member from precast industry.

- The check of the design manual for precast menber connection which is also

planed to be developed in this project.
- Total Verification of Precast structural system.

5.2 Development of Design Manual for Precast Member Connections

In Japan, no design manuals for precast member connection exists, which describes the
philosophy as well as appropriate example of many kind of connection details. So we need
such mamal which can be helpful for precast concrete engineer.

The manual will describe a design methodology of connection which transfer stresses
safely and have enough ductility to cyclic loadings under the combination of design load.
Experimental and analytical research will be done for the purpose of obtainin.g basic data
for documentary of design manual for precast member connection. The experimental research
will be divided into three categorics as follows;
(1) Tests of Sub-clement Consisting Precast Connection

Joint materials and interfaces are defined here as sub-element of precast connection. The
stress condition of sub-clement are mther simple than that of whole connections. Thus the
data about the sub-clement can be basic in design of connections.

The sub-element should be identified and classified. Then the sub-element will be tested
under monotonically increasing load. Temporally idea for tests of the sub-clement will
varicd as follow;

Sub-clement in Beam and column connections:

- concrete interface test considering the stress at the connection of beam to column
or beam to beam subjected to shear as well as bending moment axial load,
(variables: roughness of concrete interface, amount of dowel bars, inclination of
compressive strut which cross the discontinuous interface, thickness of leveling
mortar, axial load level, strength of leveling mortar, etc.)

- bond test of longitudinal reinforcement in beam which lay along the interface
between precast concrete and topping concrete.(variables: the shape of cap tie,
diameter of longitudinal bars, amount of cap tic, etc.)

- mechanical integrity of T-shape section bearn consisted of precast beam and in-situ
topping concrete (variables; amount of reinforcement across concrete interface)

Sub-clement in Shear Wall:



- interface between wall panel and boundary element (variables: inclination of
compressive strut to interface, amount of shear reinforcement, roughness of
concrete interface, shape of shear cotter, etc.)

(2) Test of Precast Member Subassembledges
Based on the test data of connection materials and interface, analytical model will be
developed which predict strength of connections. In order to assure the correlation between
prediction of model and test, test of subassembledges of precast member is needed. For
these subassebledge tests, cyclically loading which simulate earthquake will be used in order
to evaluate ductility of connection.
Through these tests, the concept of connection design will be proposed and verified.
Subassembladge tests will include:
- column:
the effect of axial load, shape of cotter, dowels to ductility will be examined
- beam:
concrete interface at beam end
the method of consideration of dowel effect
concrete interface between precast concrete and topping concrete

shape of cap tie, amount of cap tie
- shear wall

vertical joint
horizontal joint
joint wall panel and beam
- beam-column-joint subassembledge:
anchorage method of beam longitudinal reinforcement
- floor system
connection of slab panel
- connection of beam to girder
beam end reinforcement in stress discontinuous zone

(3) Test of Superassmbledge
One-bay one-story frame specimens will be tested, The object of this test is as follows:
- Experimental verification of design of collapse mechanism
- Ewvaluation of story stiffness
- Correlation study between Model and experiment



5.3 Developmeant of Coastruction Manual for Quality Control
This manual will be developed as the fruit of Cooperative research program between BRI
and member from Precast industry.

5.4 Conceptual Flow of Research

Figure 1 shows the Time schedule and conceptual flow chart of rescarch conceming
development of 1) design recommendation and 2) design manual of precast member
connection.

6. Research Budget and Executive Structure

Building Research Institute, Ministry of Construction of Japanese Government will spend
about 120 Million Yen as a national project in total from 1989 to 1993( in fiscal year).

Parallel to this project, JTCC-PRESSS have been negotiating with Japanese
constructors and precast concrete industry to carry a cooperative research.  If it is possible,
they will expense necessary for additional research and which will be able to support this
project separately.

Figure 2 shows tentative research execulive structure of Japanese side. It has two main
commitiee, the functions of which is as follows;

(1) Advisory Panel Promoting Cooperative Research
a. approval of cooperative research executive structure
b. approvzl of cooperative research plan
¢. approval nf policy of compilation of research result
d. approval of policy concerning publishing of research result and
treatment of patent.
¢. promoting and utilization of the accomplished results of Project
(2) Joint Technical Consulting Committee (JTCC-PRESSS)
a. coordination of research and development targets with U.S.-PRESS
committee
b. coordination of research plan of Japan side
c. coordination of utilization policy of research result with U.S-PRESS
committee
d. advice researches on carrying out of research works
e. critical review of research result



7. Research Schedule

The Project of BRI financially supported by Ministry of Construction will last for four
years, Thus it will continue since April 1989 until March in 1993, Although Project U.S.
is supposed to become a six-year project starting in 1990. So JTCC-PRESSS should be
extended for more two years. As a counter part of U.S.-PRESSS Committee.
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U.S. Coordinated Program for Masonry Building Research
Fifth Year Status

James L. Noland!

ABSTRACT

The U.S. program, which consists of
twventy-eight specific research
tasks, is coordinated with a
parallel program in Japan. Both are
conducted under the auspices of the
UJNR Panel on ¥Wind and Seismic
Effects. The primary purpose of the
U.S. program is to support the
development of a liait state design
procedure for masonry as well as
provide experimental data,
analytical asethods, etc. Several
technical accomplishments have been
sade in both modeling and
experimental areas. The technology
transfer plan includes dissemination
of research reports, topical reports
and a summary report on the specific
research areas as well as by
presentations and papers. Design
and criteria recommendations will be
an extremely important mode of
technology transfer and are expected
to support design standard
development.

KEYWORDS: Masonry; structures;
standards; experiment; reports.

1. INTRODUCTION

The U.S. Coordinated Program for
Masonry Building research is an
integrated set of 28 specific
research tasks being conducted by
the U.S. Technical Coordinating
Committee for Masonry Research
(TCCMAR/US). The U.S. program is
coordinated with a parallel prograa
in Japan to exchange information and
concepts for the autual benefit of
both countries. Both programs are
conducted u der the aucpices of the
UJNR Panel on ¥Wind ond Seismic
Effects. The U.S. program is funded
by the Mational Science Foundation.

2. PROGRAM OBJECTIVES
Primary program objectives are:

a. Development of design and
criteria recommendations for
limit state design of
reinforced masonry buildings
and components.

b. Development of a consistent
experimental database on the

behavior of masonry materials,
components and systems.

¢. Development of analytical non-
linear models for research and
design office use for detailed
analysis, system analysis, and
dynamic loads determination.

d. Improved material and
subassenblage experimental
procedures for obtaining
masonry properties.

e. Improved masonry fabrication
procedures and standards.

f. Developing an increased
avareness among engineers,
architects, code bodies and the
public of the capabilities of
reinforced masonry in all
seismic zones.

g. Interfacing with standards
development groups to support
development of a consensus
limit state standard for
masonry.

3. APPROACH

With NSF support, the Technical
Coordinating Committee for Masonry
Research/U.S. (TCCMAR/U.S.) was
formed in February 1984.
TCCHAR/U.S. was and is comprised of
researchers from academic and
industrial organizations who have
strong backgrounds in research into
the properties and characteristics
of reinforced masonry materials,
structural components and systems,
analytical techniques, structural
dynamics, building codes, and
earthquake engineering. TCCMAR was
not intended to be a closed group;
researchers may be and have been
added as needs develop. Current
TCCMAR researchers are listed in
Table 1.

The initial TCCMAR purposes were 1)
to specifically define the research
topics, both experimental and

analytical, necessary to develop a

1. Atkinson-Noland & Associates,
Boulder, Colorado



consistent aasonry structural
technology for the U.5. and 2) to
establish coamunication with its
Japanese counterpart to enable
Japanese and U.S. programs to be
coordinated for the benefit of both.

Program evaluation and research
needs assessaent are continuing
activities of TCCMAR. The original
plan is not a static entity but
rather one which can and has been
nodified as work has progressed and
needs elither revised or added.

The U.S. research plan is a phased
step-by-step program of separate,
but coordinated research tasks.
Emphasis is being placed upon intra-
task information exchange and
consultations so the experimental
and analytical efforts are mutually
supportive.

The program includes both
experimental and analytical research
tasks. The experimental and
analytical efforts are conducted in
parallel with each becoming more
complex and sophisticated as
knowledge and experience accumulate.
The U.S. plan is thus a "building
block™ approach.

The U.5. program is being conducted
on a project basis to provide the
task and schedule coordination
required for efficient and orderly
conduct of the program.

4. SCHEDULE

The schedule herein (Figure 1)
contains a list of the specific
research tasks which comprise the
U.S. program and their starting and
ending dates. Primarily because of
funding difficulties the schedule
has been revised. The program has
been extended until January 1994,
i.e., one year after the completion
of the full-scale test project.

S. TECHNICAL ACCONPLISHMENTS

The U.S. program is proceeding
generally according to expectations.
At this point in time, which is
about the 60 percemnt point,
technical accomplishments have
become apparent. It must be
recognized, however, that the major
technical results are yet to come,.

Because the primary objective of the
U.5. program 1is to provid~ a basis

for limit state design and an
associated generic modeling
capability, the following seem
significant among the results
achieved to date:

a. A finite element model (FEM) has
been formulated and iaplemented
capable of reproducing some
aspects of post-peak strength
response of reinforced shear
valls. The material models
have the capability to
represent the reduction in peak
compressive strength due to
tensile cracking and allow
reorientation of initial cracks
to a final crack state. The
model is capable of reproducing
fully cyclic load-deformation
histories and is operable on
286 and )86-based PCs.

b. Structural compounent models (5CM)
have been developed and
calibrated using the results of
the one-story wall tests. The
models will soon be extended to
more cosplex stress states, and
will be combined for use in
analyzing pierced walls. The
models vwill be extended to be
able to handle cases involving
unloading and reloading.

c. A non-linear lusmped parameter
model (LPM) has been developed
to do time-history analyses of
masonry structures. New non-
lipear "spring” elements have
been introduced to represent
wasonry shear walls in building
system molels. The LPM will
include rotational degree of
freedos, and will be tested
against experimental results.

d. Approximately 30 reinforced
shear walls have been tested.
A database has been developed
for the cyclic behavior ot
single-story reinforced masonry
shear valls with different in-
plane compressive loads and
reinforcement rates. Limit
states have been i1dentified for
application in the design
recommendations to be made.

e. Three different two-story
coupled reinforced masonry
shear wall speci..ns have been
tested resultiag in a database
for the fully-reversed cyclic
behavior of such specimens vith
different degrees of coupling.



Stable hysteretic behavior was
observed at overall story
drifts of at least one percent.
Limit states have been
identified for application ia
design recommendations. Simple
nodels predicted collapse loads
within ten percent and coaplex
models satisfactorily predicted
collapse and deflections.

f. UPorce-deflection characteristics
of prestressed precast concrete
plank floor diaphragas have
been established experimentally
bath parallel and perpendicular
to plank direction. Limit
states have been identified and
corroborated by observatiens of
plank behavior in the two-story
coupled shear wall tests.

g. Data describing the behavior of
other diaphraga aystems, e.g.,
timber, steel deck and steel
deck-concrete, has been
collected. A comprehensive
final report presents the data
to define hysteretic models for
the diaphragms and other design
conditions.

h. Reinforced concrete and clay
masonry walls responded
elastically when subjected to
out-of-plane dynamic motions
typical of design ground motion
in soil type 1 in the highest
U.S. seismic zones. Limit
states for application in
design recoamendations have
been identified.

i. Tests of grouted hollov clay and
concrete unit prisas in
concentric compression
indicated that masonry is a
generic material, i.e., that no
unusual behavioral traits are
present to separate grouted
hollow-unit clay and concrete
masonry. The compressive tests
established stress-strain
curves including the post-peak
descending branch and limit
state values. Tests of prisas
loaded in eccentric compression
established strain gradient
effects and necessary to define
equivalent rectangular stress
values for use in flexural
design.

j. Tests have been conducted on
reinforcement bond-slip and lap
splice behavior using grouted,
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reinforced hollow clay and
concrete specimens. Both push-
pull and pull-pull loads vere
applied. Results have been
used to formulate models and
identify limit states for
application in design
recoamendations.

k. A design criteria was developed
for shear walls that was
adopted in the 1988 Uniform
Building Code, Section 241).

1. A proposed design criteria was
developed for RMasonry Frames
for the 1991 UBC. The criteria
is now under review.

m. A new proposed design equation
was developed for masonry shear
walls. “his equation was
submitted for inclusion in the
1991 UBC and is now under
reviewv,

6. TECHNOLOGY TRANSFER

The technology developed, data, and
other findings which result from the
research must be made available to
the public for study and use in an
active manner in order to have the
greatest utilization possible. For
a program such as this which extends
over a substantial period of tinme,
it is appropriate that the
technology developed, etc., be
documented and released as an on-
going activity as well as the
documentation aré dissemination
which wvill occur at the completion
of the work.

The Technology Transfer component
which has been defined for the
program cousists of the following:

a. Task Reports - One or more
reports have been and will be
prepared for each research task
comprising the coordinated
program. Task reports are
complete technical research
reports. Each task report is a
“stand-alone" document and
fully describes the subject of
the report. In the case of
reports on experimental
research, all pertinent data is
included in a clear and
understandable form. Copies of
task reports are distributed
initially to about 7% concerned
individuals. Arrangements have
been made to furnish the



Barthquakxe Engineering Research
Library at UC-Berkeley with
copies of all Task Reports
which have been and will be
released. Coapleted task
reports are listed in Table 2.

b. Papers - Papers published in
technical journ.ls and
conference proceedings are an
important part of technical
transfer because they focus on
individual issues and are more
widely read than larger
documents. TCCHAR researchers
have and will continue to
prepare such papers.

Arrangeaents have been made to
provided complete copies of the
proceedings of all the meetings
of the Joiant U.S.-Japan
Technical Coordinating
Committee on Masoury Research
to the Earthquake Engineering
Research Library at UC-
Berkeley.

¢. Presentations - Presentations on
various aspects of the
Coordinated program to
professional, code, industry,
and other concerned groups are
encouraged and many have and
will continue to be, made.
Typically, no papers are
associated with presentatioans,
but some material may be
distributed.

d. Seminars & Workshops -
Participation in seminars and
workshops is another form of
Technology Transfer which is
encouraged because of the more
in-depth communication which
can occur. Some participation
has occurred and more is
anticipated.

e. Topical Reports - Reports will
be prepared on each basic topic
addressed in the Program and
will be a treatise on the
subject. Anticipated topical
reports are listed in Table 3.

f. Technical Summary Report - The
technical summary report is to
be prepared late in the program
will present basic techaical
findings and conclusions and
sufficient supporting data and
information to substantiate
thems. Topical Reports will be
the primary references, but

task reports will be listed if
additional detail is reguired.

g. Design_ _and Criteria
Recommendations -
Recomnendations for reinforced
masonry building design and
criteria will be formulated
Jdocumented in a manner suitable
for review and adoption by code
bodies. Recoamendations will
also be made for standard tests
which provide masonry material
properties.

7. STANDARDS/CODES

A critical issue in the U.S. 1s, and
has been the transfer of technol ,y4
developed by research into practice.
In the U.S. an important factor in
isplenenting research into practice
is the incorporation or provision
for new technology by the design
standards.

in the U.S., design standards are
developed by non-governmental
professional groups using various
forms of consensus processes.
Hence, the NSF-supported U.S.
Coordinated Program for Masonry
Building Research cannot develop
standards, but will develop
recommendations (Task 10).

Discussions and negotiations over
the last year have served to
establish mechanisms and processes
for transfer of technology (i.e.
research data and recommendations)
to a consensus design standards
develojpme.t committee sponsored by
The Masonry Society, the American
Concrete Institute and the American
Society of Civil Engineers. A one-
year pre-standardization effort to
collect and document background
information pertinent to limit state
structural design and to develop a
draft limit state design standard
for masonry vwas organized and funded
by industry. The pre-
standardization work along with the
technology developed by the
coordinated masonry research program
will be utilized by the national
masonry standards committee to
produce a limit state design
standard for masonry. The basics of
the process are illustrated by the
figure 2.

The first meeting of the Joint
Committee vas on December il & 12,
1989 in Denver. A task group was



organized to foraulate a single set
of operating procedures. In
addition to developing a limit state
design standard, the Joint Committee
will maintain the recently completed
working stress standard, and address
other i1ssues pertinent to masonry
structuies design and construction.

The second meeting of the Joint
Commnittee was held in Toronto in
March 1990. James Colville of the
Departaent of Civil Engineering,
University of Maryland wvas inducted
as the chairman of the Joint
Committee.



TABLE 1

TCCHNAR RESEARCEERS

Daniel Abrams
University of Illinois
Urbana, IL

Richard Atkinson
Atkinson-Noland & Associates
Boulder, CO

Robert Englekirk
Englekirk & Hart
Los Angeles, CA

Ahmad Hanmid
Drexel University
Philadelphia, PA

Gilbert Hegemier
Univ. of CA-San Diego
La Jolla, CA

Richard Klingner
Univ. of Texas-Austin
Austin, TX

James L. Noland
Atkinson-Noland & Associates
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TR1  Material Properties & Tests 1.1, 1.2, 1.3

TR2 Reinforced Masonry Walls: 2.1, 2.2, 3.1(a), 3.1(D)
In-Plane Shear and Combined 3.1l(c), 4.1, 9.4
In-Plane Shear and Vertical
Compression

TR}  Reinforced Masonry Walls: 2.4(a), 2.4(b), 3.2(a)
Out-of-Plane Forces Combined 3.2(b1), 3.2(b2)
with Yertical Compression

TR4 Diaphragms 2.3, 2.4{a), 2.4(D).

Category 5 Tasks, 9.4

TRS Bond and Splicing of Category 3 Tasks, 4.1,
Reinforcement in Masonry 6.2

TR6 Limit State Design Concepts Categories 1-9
for Reinforced Masonry

TR7 NModeling of Masonry Category 2 Tasks, 3.1(b),
Coaponents and Building 7.1, 9.4
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TR8 Large Scale Testing of 3.1(b), 3.1(c), Category
Masonry Building Systems 9 Tasks

TR9 Determination of Earthquake 2.1, 2.3, 2.4(a), 2.4(b),
Induced Forces on Masonry 7.1, 8.1, 8.2, 9.4
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Design Guidelines of Medium Rise RM Buildings

Yutaka YAMAZAKI®!, Shin OKAMOTO"?

Tsuneo OKADA™3, Akira MATSUMURA™® and Toshiyuki KUBOTA™S

SUMMARY

Design guidelines of medium rise RM buildings
were made by TECCMAR/Japan and were released March
1989. The design guidelines consist of eleven
chapters. They are: 1. General, 2. Quality of
Material, 3. Material Strength and Allowable
Stress, 4. Constants of Materials, 5. Structural
Planning, 6. Structural Calzulation, 7. Allowable
Stress Design, B. Total Flexural Resisting Moment,
9. Lateral Load Carrying Capacity, 10. Foundation,
and 11l. Joint and Anchorage of Reinforcement,
Covering Concrete Thickness and Arrangement of
Reinforcement.

In this paper, outline of these design
guidelines is presented.

KEY WORDS

RM Building, Design Guidelines of RM
Buildings, Seismic Design of Masonry Buildings

INTRODUCTION

The final goal of the U.S.-Japan coordinated
research on masonry buildings in Japan is to
realize a medium rise reinfor-ed masonry (RM)
building with less wall width ratio than the one
required for preseat masonry structures. Design
guidelines for a medium rise RM building were made
by TECCMAR/Japan based upon the synthetic
experimental and analytical research which had
been carried out since 1984,

In the existing design codes for masonry
buildings in Japan, the number of stories is
limited up to three and 3 large amount of walls
(high wall width ratio) is required. In order to
realize the earthquake resistant masonry buildings
which have larger story number but less wall width
ratio than the one required by the existing design
codes, a ductility design concept as well as a
strength design concept was employed in the design
guidelines.

The contents of the RM design guidelines are
presented in APPENDIX II.

RM STRUCTURES AND THEIR REQUIRED SEISMIC
PERFORMANCE

RM Structures (Sections 1.1 and 1.4)

The RM structures which are dealt with in the
design guidelines are reinforced masonry
structures which are consist of reinforced masonry
(RM) bearing walls and wall girders, and
reinforced concrete (RC) slabs, foundations and
foundation beams.

The RM bearing walls and wall girders are to
be fully grouted reinforced masonry systems which
are made by stacking open-end type concrete or

clay RM units, as shown in Figs. la and 1b, with
using joint mortar in parallel with arranging
reinforcements into unit cells vertically and
horizontally, as shown in Fig. 2.
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Fig. lb Clay RM Unit

A RM building is basically to be an apartment
house type structure in which sufficient amount of
walls is expected to be provided in the transverse
direction.

*#]1 Head, Large Scale Structure Testing Division,
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Institute, Ministry of Construction, 1-
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#305 Japan
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and Earthquake Engineering, BRI

#3 Professor, Institute of Industrial Science,
University of Tokyo, Roppongi, 7-22-1,
Minatoku, Tokyo, #106 Japan

#4 Professor, Dept. of Architecture, Kanagawa
University, Rokkakubashi, Kanagawa-ku,
Yokohama, #221 Japan

#*5 Professor, Dept. of Architecture, Kinki
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Osaka, #577 Japan
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Fig. 2 Typical Bonding and Reinforcing Patterns
in the S story Full Scale RM Test Building

The RM structures shall be designed by either
"Design Method A" or "Design Method B" and should
satisfy the specifications listed in Table 1 for
each design method. In Table I, the rigidity and
eccentricity factors are related to both vertical
and horizontal stiffness distribution limitations
in a structure and are defined in the Building
Standard Law [See Ref. 1]. The stury drift angle
in Table 1 is defined as the one produced in each
story of a stiucture when subjected to design
lateral seismic shear forces which also are
specified in the Building Standard Law. The value
of the limitation, 1/2,000, for the story drift
angle was determined not to produce large story
drift angle, such as 1/200, against severe
earthquakes, say 300-400gals ground motion level
[Ref. 2]). Specifications or "shear stress of
wall" and "wall width ratio” are -mentioned in the
following.

Table | Specifications for Design Methods A and B

for Design Method A | for Design Method B
$ [
Shear Stress of Wall 2 R s./F_/z tse. [r180
(kg/cm) -
(3.1) (5.5)
Rigidicy Factor (§.4) 20.3 0.6
Eccentricity Factor (6.4) £0.3 %0.15
Scocy Drift Angle (rad)
(6.3) $1/2,00Q
Scandard Wall
Length Racio 3 stories 15cm/n?
{for lst S:nry; 3 scories 12cm/al
Wi
“L::;:‘h-h:}: 5 seories 10ca/a? 12cm/m?
(for st S:;r; 3 stoeies Toarn? dm/m?
Story Meighe (1.1) £ 4.0m %3.5n
Building Height (1.1) % 16a S 16m

: shear stress of each wall (k]/:lz)

1 nominsl shear streass of valls in each stocy (kg/:n )

To: specified compressive streagth of RM sssembrage

Rigidicy and Eccentrizity Factors: defined in Japen Building

Standard Law
Story Drife Angle: stocy dri€t angle when sudjected to design
seismic force
Vall Width Ratio: defined in each loading direction
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Required Seismic Performance (Section 1.3)

1.3 Required Seismic Performance

(1) A RM building shall be a structure which
does not cause any trouble on
serviceability against moderate
earthquakes and does not collapse in the
event of severe earthquakes.

(2) A failure mechanism of & RM building
basically shall be governed by flexural
yielding at the hase of walls at the
first story and wall girder ends.

(3) A RM building shall be a structure which
possesses the ultimate lateral strengih
and deformability corresponding to a
structural performance coefficient
(symbolized as Ds hereafter) of 0.5 or
more.

Application:

(1) Though a failure mechanism of a RM
building basically shall be governed by
flexural yielding at the base of walls
at the first story and wall girders,
flexural yielding at the top of walls
located at top story and a foundation
beam to which a wide wall is connected
may be permitted.

(2) Narrow walls may lead flexural yielding
or shear failure prior to flexural
yielding of wall girders to which the
nallow walls are connected. In this
case, it is needed to confirm that the
yielding or the failure of those walls
does not affect seriously on seismic
performance of the overall structure and
also that local collapse in the
structure does not occur. Similarly, if
there is possibility of shear failure in
some wall girders, it is needed also to
confirm that the failure of those wall
girders does not lead local collapse in
the structure,

The items (1) and (2) in main body in Section

1.3 will concretely signify that:

(i) shear cracking does not occur in most
structural components against design lateral
seismic shear forces corresponding to the
moderate earthquakes, and

(ii) a failure mechanism of a RM structure shall
be governed by flexural yielding which
certifies that almost no strength degradation
occurs up to a story drift angle of
1/200 and that no major strength
deterioration does up to that of 1/100, as
well as possessing sufficient lateral
strength against design lateral seismic
shear forces corresponding to the severe
earthquakes.

DESIGN CRITERIOR

1.4 Design Criterior

A RM building shall be designed both by
a working stress design method specified in
Chapters 6 and 7, and by an ultimate



lateral strength design method specified in
Chapter 9 as well as satisfying structural
specifications described in the following
Chapters except Chapter 8 (Design Method A).
However, a RM building which satisfies the
special structural specifications described
in the following chapters shall be designed
without carrying out the ultimate lateral
strength design (Design Method B).

The RM struccures can be designed either by
Design Method A or by Design Method B. In case of
Design Method A, seismic performance corresponding
to the value of 0.5 in the structural performance
coefficient D, or larger s to be certified
through ultimate lateral strength design of an
entire structure and ductility design of
structural components, whereas, in case of Design
Method B, seismic performance corresponding to the
value of 0.55 in the converted base shear
coefficient Cp or largeris to be certified
through calculating total flexural resisting
moment of an entire structure.

Limitation on the values representing
characteristics of a structure when applying
Design Method B is stricter than the one for
Design Method A as listed in Table 1, because in

Design Method B necessary amount of wall width and
reinforcement is determined based upon calculation
of flexural resisting moment without appropriately
assuming yielding mode of the structure, instead
of carrying out the ultimate lateral strength
design.

The outline of Design Methods A and B is
represented in Table 2.

Table 2 Summary of Design Method

Owsign Method 4 Besign Mechod B
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5.5 Wall Width Ratio

(1) In each direction at each story, the
wall width ratie L, in cm/m¢ which is
defined as the total width of bearing
walls in ¢m in each direction divided by
the floor area of the story considered
shall satisfy Equation 5.5.1.

L,2a-B-2Z-1l,, and L,22 - Ly,
(5.5.1)

where,

L,o: standard wall width ratio in cm/m?
indicated in Table 5.5.1 when the
thickness of walls t in cm 1is the
smallest thickness t, which is
defined in Section 5.3(2)

o : reduction factor calculated by
Equatien 5.5.2 when the thickness of
walls t is greater than the smallest
thickness t_ which is defined in
Section 5.3(%)

L (e, x lengeh of each wall)

a =
L (e % length of each wall)

a2 1~ 3/L,, (5.5.2)

8: reduction factor calculated by
Equation 5.5.3 related to the
specified compressive strength of RM
assemblage used

g =J180/ F

Fo: specified compress%{e strength of RM
assemblage in kg/cm

Z : seismic hazard =zoning coefficient
defined in the Building Standard Law

L g: Minimum wall width ratio in em/m?
indicated in Table 5.5.1

(5.5.3)

Table 5.5.1 Limitation of Wall Width Ratio

Story from Standacd Wall | Minimum Wall Widch Racic L‘_(cn/-z)
the Top Width Ragio
vground scory) | L (em/n®) Design Method A | Design Method B
1-3 12 7 9
badsd 3 10 12

(2) The nominal shear stress when 2pplying
Design Method B shall satisfy Equation

5.5.4.
T 54,0 JF /180 (5.5.4)
where
# Cg o= Q/(Z+R, » Fog = W)
where
Q,: ultimate lateral strength of a : ructure
Z": seismic hazard zoning coefficient (=
0.7 - 1.0)
R, : design spectral coefficient
Fogt shape factor = F = Fo (F, = 1.0 - 1.5,
Fg = 1.0 - 1.5)

W : structure weight
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T: nominal shear stress in kg/cm2
produced in the walls in each
direction at each story when
subjected to the short term design
load corresponding to C, 2 0.2

T=Q /LA,
Q: seismic shear force in kg at each
story
Aw:sum of wall area in cm? in each

direction at each story
F: specified compress%{e strength of RM
assemblage in kg/cm
(3) The calculation of the wall width ratio
shall be based on the following items
(i) through (iii).
(i) The bearing walls with the width more
than S9¢m can be taken into account.
(i1) The bearing walls supported only by
wall girders can rot be raken into
account,

(iii} Full width of the bearing walls with
the small openings specified in
Section 5.4 can be taken into
account..

The shear stress produced in a 5 story RM
buirlding againsc the short term design load is
estimated as an example,

Assume:
wall wideh ratio: 15cm/m?
shear stress due to the long term design load: O
wall thickness: 19cm
story weight: I,ZOOkg/m2
seismic hazard zoning coefticient: 1.0

Thea, nominal shear stress is calculated as

£ .0.2x1200x%5

- ml
TS 19 4.21 kg/enm

Taking shear stress concentration coefficient
n into accouut, shear stress produced in a
critical (wide) wall in che story becomes;

T=n+7T-=6.32 kg/em?

{n = 1.5)
6.74 kg/cm?

(n = 1.6)

The allowable shear stress fg for the short
term design load in case of Fo = 180kg/cm? is

obtained based on the equation, fs = JF/2,
specified in Section 3.1 as;

fs = 6.71 kg/cmz
This example shows that shear stress produced
in most walls is smaller th-n the allowable shear
stress level and that no shear cracking is
expected to be produced in most walls in RM

buildings having standard weight against the short
term design load corresponding to C, = 0.2,

QUALITY OF MATERIALS
RM Units (Section 2.1)

Masonry units for RM buildings shall conform

to the "Standard of Quality of Masonry Units for
Medium Ris~ RM Buildings”. In the Standard, units
are classified into two kinds according to their
materials made from, namely, concrete and burned
clay (or ceramics). Concerning dimensions of
units, these are also assorted into two types,
such as "12" type and "23" type. The "12"” type has
its sizes with the ratio of thickness to length as
1 : 2. The "23" type has the ratio of 2 : 3.
Combinations of dimensions have variation in some
range, as listed in Table 3.

Table 3 Dimensions' of RM Units

Type { Thickness{mm){Length(mm) Height{mm)

200 400

12 225 450 100, 150, 200
250 500 225, 250, 300
300 600
200 300 100, 150

23 266.7 400 200, 225, 300
300 450

# Dimensions are expressed in nominal sizes, i.e.,
distances from center to center of the thickness
of morter joints.

The Standard also classifies the quality of
units into three grades accord ng to their
compressive strength and water abs.rption. Table
4 derotes its classification. Difference in
strength values between units of concrete and clay
in the same grade comes mainly from cheir
conformity of water absorpticn values in each
grade.

Table &4 Strength and Water Absorprion

Compressive Water Absorption
Material | Grade Stren&th, min.|Ratio, max. % vol.
kg/cm
Net Area
1 400 10
Concrete 2 300 15
3 200 20
1 600 10
Clay 2 500 15
3 400 20

Specified Compressive Strength (Sections 2.2, 2.3
and 2.5)

Specified compressive strength of groqut
concrete and mortar shall be more than 180kg/cm®.
Compressive strength of joint mortar shall be high
enough to obtain the specified strength of RM
assemblage. Specified compressive strength of
concrete which is useg in R/C portion shall be
ranged between 180kg/cm® and 270kg/cm®.

Specified compressive strength of RM
assembla§e shall be ranged between 180kg/cm‘ and
270kg/cm”.
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Materials of RM Assemblage (Section 2.4)

Specified conpr=ssive strength of RM
assemblage shall be verified by prism testing as a
rule.

Instead of applying prism testing, specified
compressive strength cf RM assemblage may be
verified by using Equation A 2.4.1.

Fp = es{ (1-8Y)F, + B‘Fg} (A 2.4,1)
where
Fm = specified :omprissive strength of RM
Assemblage (kg/cm?)
specified unit strength (kg/cng
Fg specified grout strength (kg/cm®)
cavity ra%io of unit
masonry reduction factor, which walue :s
0.75 as a rule. However when strength of
joint mortar s less than Fy, it shall be
ratio nf the former to the latter, and
rot larger than 0.75.

won

Sperified compressive strength of grout shall
be more than that of RM assemblage as a rule.

Allowable Stresses of KM Assemblage (Section 3.1)

Allowable stress of RM assemblage shall be in
accordance with the values in Table S.

Table 5 Allowable Stress of RM Assemblage

Allowable Stresses (kg/cm?)

Description | For Stresses due | For Stresses due
to Long Term to Short Term
Design Load Design Lead

Compression Fn/6 Fn/3

Shear [Fo/3 [Ea/2

Modulus of Elasticity of RM Assemblage (Section
4.1)

Young's modulus of elasticity shall be
obtained by compression prism test as a rule.
"t may alsc be estimated by Equations A4.l.2a and
A4.1.2b, rather conservatively (Fig. 3a).

Young's modulus of elasticity:
for concrete masgnry;

Ep = 1.68 X 10° VF, 7180 (kg/cm?) (A6.1.22)
for clay masonry,; 2
€, = 1.31 X 10°VF /180 (kg/cm®) (A4.1.2b)

If moduli of elasticity of censtituent muterials
are known, Young's modulus of elasticaity of
masonry may be estimated by using Equation A4.1.3
(Fig. 3b).

. ' . 2
E, = (1-B") E, +8 Eg (kg/em”) (A.4.1.3)

Where E = Young's modulus of elasticity of masonry
E, = Young’s modulus of RM unit
E_ = Young's modulus of grout
%.: cavity ratio of unit
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Shear modulus of elasticity is able to be
estimated by Equation A&4.l.1 using a value of
Poisson's ratio measured in compression prism test.

E
Gy = ——— (AG.1.1)
2(1+vm)
where G - shear modulus of elasticity of masenry
vm = Poisson's ratio of masonry:



STRUCTURAL SPECIFICATIONS FOR RM
COMPONENTS

Bearing VWalls

5.3 Bearing Walls

(1) The bearing walls shall be greater
than 59cm in width.

(2) The minimum thickness of bearing walls
shall be greater than 19cm and 1/20 of
the vertical distance between main
lateral supporcs.

(3) The bearing walls of the upper story
shall be located above those of the
ad jacent lower story as a rule,

(4) The bearing walls shall have no
openings as a rule. However, the small
openings regulated in Chapter 5.4 may
be provided.

(5) The vertical and horizontal shear
reinforcements conforming to Section
7.2, Chapters 9 and 11 (Section 7.2,
Chapters 8 and 11 for Design Method B)
shall be provided in the bearing walls.

7.2.4 Arrangement of Reinforcements in the
Bearing Walls

(1) Vertical and shear reinforcements shall
be arranged with those more than the
required amount of reinforcements
determined from the allowable stress
design and specified amount of
reinforcementsin Table 7.2.1.

Table 7.2.1 Reinforcements in Bearing Walls

Siocy from Ead Incecmediate Yeccical Shear
the Top Flasursl Yectical feinforcement | Rernforcement
Reinforcemant | Reinfarcament fatio
fiom | Recio
to 20.7T (0.23%)
? Space
SHelghc of Uaic
Space or
®1-DL6 % Lengeh of Unte % 20ce
and o x0.2% e
trom 3 £1-005 =0ca Raetio
o 20.15% (0.3%)
) Space
SHeighe of Usic
ar
% 20cm
Site ol 016-D23 OLO-DL& 910-016
Reinlorconsnt,
Note: Values in paresthenes denote thase for Design Mechod B.

(2) Surroundings of the small openings
specified in Section 5.4 shall be
properly reinforced by arranging 1-D10
reinforcement or larger ones.

(3) Number of reinfourcements which could be
arranged in a unit hole shall be less
than 2. However, the number of
reinforcements shall be less than 4,
if the thickness of RM units is thick
enough to arrange the reinforcements in
two lines

Wall Girders

5.6 Wall Girders

(1) Wall girders shall be provided to
effectively connect bearing walls each
aother at every story.
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(2) The end of wall girders shall be
supported by a bearing wall (including
an intersecting bearing wall).

Wall girders shall have sufficient
capacity against both vertical and
horizontal design load, and shall
satisfy the following items (i) through

(v).

&)

(i) width of wall girders shall be more
than the thickness of a bearing
wall connected to them.

(ii) Depth of wall girders shall be more
than 45cm.
(iii) The ratio of clear span 1, in cm to

depth D in cm of wall girders,14/D,
shall be more than l.5.

(iv) The lateral and shear reinforcements
conforming to Section 7.3, Chapters 9
and 11 (Section 7.3, Chapters 8 and 11
for Design Method B) shall be provided
in the wall girders.

7.3.4 Arrangement of Reinforcements in Wall
Girders

(1) Lateral and shear reinforcements shall
be arranged with those more than the
required amount of reinforcements
determined from the allowable stress
design and specified amount of
reinforcements in Table 7.3.1.

Table 7.3.1 Reinforcements in Wall Girders

thd Flexucs) Inzermediace | Lacecsl Shear
Reinforcesent | Lacecol Reinfoccemenc [ Relnforcument
Reinforcement | Racio
Amauct of =1-018
Rrinfoccements ang 20.292
$1-02% 20.25% {20.3%)
2(-019
( and
£1-02%
Space £ &0em & 20ca
Size of 816-023 D10-D2% 010-D16&
Re: varcement
Bate: Values in parenthese) denace those foc Design Mechod B.

(2) In case of short beams, the end flexural
reinforcements shall be more than 1-D16
reinforcement and the shear
rei;forcement ratio shall be more than
0.3%.

(3) Number of reinforcements which could be
arranged in a unit hole shall be less
than 2.

Floor Slabs

5.8 Floor Slabs

(1) Floor slabs as a main structural
ccmponent shall be constructed by
reinforced concrete and have sufficient
capacity against vertical load. They
shall also have sufficient strength and
rigidity to transfer the stress caused
by lateral force to bearing walls and
wall girders (or to foundation beams at
the lowest story).

(2) Thickness of the floor slabs shall be
more than 13cm,




Foundations and Foundation Beams

5.10 Foundations and Foundation Beams

(1) Foundation beams shall be effectively
and continuously provided beneath the
bearing walls at lowest story.

(2) Foundations and foundation beams shall
have sufficient strength and rigidicty
against vertical and lateral load, and
satisfy the following items (i) though

().

(i) Foundations and foundation beams shall
be cast-in-place reinforced concrete

(ii) Width of foundation beams shall be

more than the thickness of bearing

walls connected to.

(iii) Foundation beams shall be reinforced
at four corners in their section
against flexural moment. The flexural
reinforcements shall be restrained by
shear reinforcements.

(iv) Foundations shall be properly arrunged
beneath the bearing walls as a rule.

(v) Foundations and foundation beams shall
have sufficient resistance against
torsional stress produced due to
eccentric arrangement of foundations
and/or piles.

7.7 Foundation Beams

(1) Design stress for foundation beams shall
be calculated based on Section 7.l.

(2) Design of foundation beams shall be
carried out in accordance with AIJ R/C
Standards.

(3) Foundation beams shall satisfy the
following items (i) through (iii).

(i) The amount of both upper and lower
fleaurzl reinforcements shall be more
than 2-D16 as a rule.

(1i) The spacing of shear and
intermediate lateral reinforcements
shall be less than a half of the depth
of foundation beams and shall be less
than 30cm.

Shear reinforcement ratio shall be

more than 0.27%.

(11i)

Bearing Wall-Wall Girder Joints

5.11 Bearing Wall-Wall Girder Joints

(1) The thickness of bearing wall-wall
girder joints shall be more than the
one of adjacent bearing walls and wall
girders.

(2) Small openings shall be permitted to be
provided for the joints to which a
bearing wall having the width 1 more
than 159cm is connected.

Small openings in the joints shall
?atisfy the following items (i) through

iv).

(3)
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Fig. 5.11.1 Small Openings in Bearing
Wall-Wall Girder Joint

(i) Clear length R (to be the diameter for
round shape and the longer side for
rectangular shape) shall be less than
20cm.

The distance 1; and l, between the
side of bearing walls and the edge of
small openings shall be more than
30cm and a half of the depth D) and D,
of wall girders connected to.

(iii) The plural small openings in the joiat
shall be arranged side by side, and
the distance between the edges of two
small openings 15 shall not be less
than the sum of clear length R and R,
of those small openings as a rule,
The small openings shall not be
located at a lower half portion of the
joints.

(ii)

(iv)

7.8 Bearing Wall-Wall Girder Joints

(1) The leng and short term allowable stress
design of the bearing wall-wall girder
joints shall be abbreviated to be
carried out. However the examination
specified in Section 9.5.4 shall be
needed for the joints which satisfy the
following items in the whole, whether
Design Methods A or B is applied.

(i) The width of bearing walls to which
the joint is connected is smaller
than 98cm.

(ii) The joints to which the wall girders
are connected in the both side

(iii) The amount of tension side flexural

reinforcements in the wall girders
stated in _the above item (ii) is more
than 13cm<,

(2) The surroundings of small openings in
the joints which are specified in
Section 5.11 shall be reinforced in
accordance with the specifications in
Section 11.4.3.

Seismic Slit Joints and Shear Keys

5.12
(n

Others

Seismic slit joints shall be provided
between bearing walls/wall girders and
secondary walls in order not to have
bad influence on strength and
deformation capacity of those bearing
walls/wall girders.




(2) Shear keys shall be provided as a rule,
in order to fully transfer the shear
forces, on upper surface of foundation
beams and floor slabs on which the
bearing walls are arranged.

STRESS ANALYSIS

6.2 Stress Analysis

(1) Stress and deformation of RM buildings
shall be evaluzted using elastic
stiffness of strucrural components as a
rule, in which;

(i) Stress under the vertical design load
can be obtained applying abbreviated
methods which are practically applied
under actual circumstances.

(ii) The long rerm axial stress acting on
the bearing walls can be evaluated
against the vertical design load
subjected to the floor area surrounded
by bisectional lines which devide
corfter angles at bearing wall
intersections, clear distance between
two parallel bearing walls, and clear
length of wall girders.

(2) The effective width of orthogonal walls
and floor slabs shall be zppropriately
taken into account to evaluate stiffness
of T-shape structural components.

(3) The effect of torsion shall be taken

into account if the center of gravity
and the center of rigidity at each story
do not coincide with each other.

Application:

(1) Stress and deformation of RM buildings
can be evaluated using a frame analysis
method in which flexural and shear
deformatrion and rigid zone at bearing
wall-wall girder joints are taken into
account. Axial deformarion also shall
be taken into account for those bearing
walls in which large axial deformation
is expected. The rigid zone area taken
into account is determined based on the
ALJ R/C Standards.

(2) The stiffness of foundation beams shall
be taken into account. Deformation of
the ground and piles can be
appropriately evaluated as well.

(3) Young's modulus and elastic shear
modulus of RM structural components
shall be those for the RM assemblage
specified in Section 4.1. The effect of
existence of reinforcements may be taken
into account as well.

(4) The plural bearing walls which surround
openings hkaving the value of an
equivalent gpening ratio of 0.4 or less
can be considered as an equivalent non-
opening single bearing wall. The shear
stiffnesses in this case shall be
evaluated in accordance with the shear
stiffness reduction factor
specified in the AlJ R/C standards
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(Eq. A 6.2.1).

Shear stiffness reduction factor Y

h, 1
Ys1-1.25/-22 (A 6.2.1)
hl
where
h, 1
2 5 0.4
hl
and

h: vertical distance between main
lateral supports of bearing valls
1: width of bearing walls
1,: clear height and width of the
opening, respectively

(S) The reduction of shear stiffness may be
neglected for the small openings
specified in Section 5.4.

(6) The flexural stiffness of wall girders
in which clear length is comparatively
short (designated as ''short beams') may
be reduced up to 507 of their elastic
stiffnesses.

TOTAL FLEXURAL RESISTING MOHENT
IN DESIGN METHOD B

8.1 Check of the Total-Flexural Resisting
Moment
The following Eguation 8.1.1 shall
be satisfied in the case that design
methed B is used.

(IMbL + LyMwu) 2 0.55 = Z - Rt

“T(A - Wi+ hi) (8.1.1)
i=1

where,

EMbu: total summation of moment
capacity of wall girders at
nodal points (kg cm)

ZiMwu: total summation of moment
capacity of walls at the bottom
of 1lst story (kg cm)

Z : seismic hazard zoning
coefficient

Rt : design spectral coefficient

Ai : lateral shear distribution

factor at i-th story

Wi : weight of the building above the
i-th story (kg)

hi : height of the i-th story (cm)

n : number of story

For the buildings to which design method B is
adopted, the structural regulations such as wall
width ratis, profile of plan and elevation, etc.
are required strictly. However, the sctate at
ultimate stage of the structure is not clegr
because only allowable stress design method is
used.

In this section the simplified check of the
lateral load carrying capacity is obligated. The
mechanism as shown in Fig. 4 is assumed yhithout
checkinig the yielding mechanism in the
calculation,



(v} to do the ductility design for bearing
walls, wall girders, foundation beams and
surroundings of small openings according

to the requirements specified in Section
9.5.

Structural Performance Coefficient (Section 9.2)

9.2 Structural Performance Coefficient Dg

(1) The structural per{ormance coefficient
,Dos shall be the maximum value which is
de%ined in Table 9.2.1 for walls

according to the component types.
Fig. 4 Yielding Mechani=m assumed & P 7P

in the Design Method B Table 9.2.1 Structural Performance Coefficient

in the case that

LATERAL LOAD CARRYING CAPACITY

Fundamental Concept (section 9.1)

9.1 Fundamental Concept

only F; component
is considered for
the calculation
of lateral load
carrying capacity

in the case that
F) and Fy compo-
nents are con-
sidered for the
calculation of
lateral losd
carrying capacity

in the case that
. F; and FJ com-
pomponents aTe
considered for the
calculation of
latecal load
cacrying capacitcy

(1) The lateral load carrying capacity of bs 0.%
RM buildings shall be greater than the
required lateral load carrying capacity
expressed by Eq. 9.1.1.

0.55 0.6

(2) The judgment whether F1, F2 or F3 is
<elected may be performed according to
tre conditions in Table 9.2.2 a) and b)
in which the conditisns are stipulated

for walls, wall girders and foundation
beams.

Qun = Ds < Fes » Qud (9.1.1)
where,
Qun : required lateral load carrying
capacity at each story
Ds : structural performance
coefficient specified in Section
9,2 co Component Type F1 2 F3
i
Fes : shape factor which is determined ndicions
based on the eccentricity and

Table 9.2.2 a) Component Types of Bearing Walls

Failure Mode Flecural Failure*

variation of lateral stiffness — - other
along the building height Upper Limic of Tu/fm 0.07 0.10  fconditions
Qud : lateral seismic shear force at Upper Limit of Goe/Fm 0.2 0.25

each story
(2) Failure mode of members shall be
flexural yielding mode as a rule.

Table 9.2.2 b) Compoﬁent Types of Wall Girders

(3) Feilure mode of a building shall be and Foundation Beams
total failure mode in which flexural Components RPONENT e £l 2 F1
yielding occurs at the bottom of the lst Condition®
.tory walls and at the ends of wall
: W M L Failure®
glrders as a rule. cia::"’ Failure Mode Flexural Failure acher
(4) Walls, wall girders, foundation beams Upper Limic - conditions
8 ! 0.07
and surroundings of small openings shall of Tu/Fa
be .telnforced . a.cco.rdlng X to the Foundation | Failure Mode flexural Failure®
requirements specified in Section 9.5. Beams other
Upper Limic 0.15 0.20 conditions
The procedure of the check is as follows; o Tu/Fw
. . h
(i) to calculate ultimate strength of eac * The flesucal failure implies that the racio
componenct, of the ahear capacity to the shear at
(ii) to calculate lateral load carrying mechanism is greater than 1.1 for walls and
capacity in every direction and to decide :.",p::'“::ll: girders and foundation beams,
the stress and yield type for each Furthecrmore, the ratio of the shear
component under yielding mechanism of a capacity to the shear ac mechanism
building, ;hguld satisfy the requirements of Section
(iii) to decide the structural performance -
coefficient "Ds" at the direction
considered using the "component type" far Tu: average shear stress at
vall girders and bearing walls stipulated mechanism (kg/cm<)
in Section 9.2,
(iv) to calculate the required lateral load Tu = Qmu / Ae (9.2.1)

carrying capacity at each story and
compare with the lateral load carrying where,
capacity obtained from item (ii), Qmu

: shear at mechanism (kg)
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Ae

sectional area of wall or wall
girder ia which the sectional srea
of slab and transverse wall within
the effective range specified in
Section 9.4 may be included. (cm?)
Joe : average axial stress of

bearing wall at mechanism (kg/cm?)

Boe = ( Nm + Nw ) / Ae  (9.2.2)
where,

Nm : axial force ar mechanism (kg)

Nw : axial force from transverse wall
which affects the strength of the
bearing wall and is same as the
value of Section 9.4.1

Ae : secrional area of bearing wall in
which the sectional area of
transverse wall within the
effective range may be included

Fm : specified compressive strength of
RM assemblage

Tu : shear stress of foundation beam at
mechanism (kg/cm?)

.

Tu=Qmu /(b j) (9.2.3)
vhere,
Qmu : shear of foundation beam at
mechanism (kg)
: width of the foundation (cm)
J : distance between the centroids of
compressive and tensile force at
the section (cm)

(3) In the case that yield hinges occur at
wall girders which are connected to
a bearing wall at top and bottom, the
lowvest level of component type among the
component types of wall girders shall be
selected for the bearing wall.

(1) Structural Performance Coefficient

From the response analysis of the building
designed by these guidelines, the response of
story drift angle was less than 1/200 under the 50
kine input of Hachinohe 1968NS, Taft 1952EW and El1
Centro 1940NS. Furthermore, the component test
indicates that the bearing wall with medium amount
of shear reinforcement and low level axial index (
30/Fem) has deformability of more th-~ !/130 story
drifc angle (Fig. 5). 1In case of wall girder it
was more than 1/100 (Fig. 6). ‘lhr-efore, the
coefficient of structural performance is decided
to be 0.5 for the structure with ductile members,
0.6 for the structure including brittle members
and 0.50 for the middle. The reason that the
simple summation is allowed for the structure with
various component types is such that the yielding
deformation at maximum load was almost 1/400 for
most of the tested members.

(2) Component Type

The component type may be classified by the
factors: the deformability such as failure mode,
axial force index ( Joe/Fm ), shear~span-ratio (
M/QD ), level of shear stress, amount of shear
reinforcement, etc., which affect the
deformability. For the classification of component

type, the factor of failire mode is stressed
first, because the earthquake response of this
kind of structure is rather small and the
structure has the deformabiliry of 1/200 to 1/100
in story drift angle if the failure mode is
flexural. However, it seema to be difficult to
give enough deformability to the structure under
high axial and/or shear stress. Hence the
limitation for them was provided.

Tor the bearing walls the relation between
the limit of deformation angle, which is defined
when the load is decreased 20% after maximum load,
and shear stress index ( Tu/Fm ) is shown ip Fig.
7. The deformation angle more than 7.5x107~ rad.
is expected when the ?u/Fm is less than 0.07. For
the wall girdirs the relation is shown in Fig. 8.
The deformation angle more than 10x107~ rad. is
expected when T,/Fm is also less than 0.07.
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Calculation Method for Lateral Load Carrying
Capacity (Section 9.3)

9.3 Calculation Method for Lateral Load
Carrying Capacity

(1) Accurate calculation method such as
incremental load applying analysis or
simplified method based on virtual work
principal shall be used for the
calculation of lateral load carrying
capacity.

Though the incremental load applying analysis
or the limit analysis is desired for the
calculation of the lateral locad carrying capacity,
the simplified method based on virtual work
principsl assuning the yielding at the ends of
wall girders may be used because adequate accuracy
may be obtained for the structures in which the
strengths of walls are bigger than those of wall
girders. The moment distribution method is not
suitable for this kiud of structures.

The momeat and shear force for each component
calculated by the above mentioned method may be
used as the moment and shear at mechanism.
However, for wide walls the forces calculated by
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the simplified method are sometimes different from
those by the accurate method. The increase of
design shear forces for the wide walls is
reccommended if the simplified method is used for
the calculation.

Ultimate Strength of Components (Section 9.4)

9.4.1 Bearing a..
(1) The Eq. 9.4.1 shall be used for the
flexural strength of bearing walls.

Mu=C{ategy ) lw + 0.ST(aw e owy) 1w
+0.5¢ Nm o lw+Nwee (kg-cm) (9.4.1)

wvhere, Mu = O when it is negative,
at: sectional area of flexural
reinforcement in which the
vertical reinforcement sectional
area of transverse wall within the
effective range may be included
(cm®)

: material strength of flexural
reinforcemsnt specified in Section
3.3 (kg/cm?)

: U9 times the total length of the
bearing wall (cm)

: sectional area of vertical
reinforcements at the center part
of the bearing wall in which the
reinforcement sectional area of
transverse wall within the
efffctive range may be included
(cm®)
material strength of the above
mentioned reinforcemepnt specified
in Section 3.3 (kg/cm®)

: axial force of the bearing wall at
mechanism (kg)

¢ axial force from the transverse
wall which affects the streagth of
bearing wall
In the case of the wall as shown in
Fig. 9.4.1 the calculation shall be
as follows.

Owy:

Nm

i) Nw 20.25 N; for the bearing wall
w1

ii) Nw =0.25(N; + Nj)
bearing wall W2

Nw =0.25 N, for the bearing wall
W3
N1 and N2 are the long term load
(kg) of the transverse walls.

N Ne Bearing wall w2
4

v

Fig. 9.4.1 Axial Force .. Transverse Wall

for the

iii)

Bearing wall Wl
N,

Transverse wall

Bearing wall W3




e: the distance (cm) between the
compression extreme fiber of
the bearing wall and the center
line of the transverse wall
(Fig. 9.4.2)

Tension Compression
side e gide
.1
]
*—

|
Compression fiber
Fig. 9.4.2 Distance Between Compression
Extreme Fiber and Centroid of
Transverse Wall

(2) The Eq. 9.4.2 shall ‘be used
shear strength of bearing walls,

for the

- 0.053pte®-23 (Fa +180)

Qsu = 1 +2.7 [pweOwy
M /( Q-+ 1 )40.12
0.1 aoe}te ejer (kg)  (9.4.2)
where,
te : equivalent thickness when trotal
sectional area Aw including the
the sectional area Of transverse
wall within effective range 1is
replaced by the rectangular
section with the total length 1
(cm)
This shall be 1less than 1.5
times the thinkness of the
bearing wall,
pte : equivalent flexural reinforcement
ratic (=1007 at / (te » lw )) &)
at sectional area of flexural
reinforcement in which the
sectional area of transverse
walls within the effective range
may be included (cm®)
Fm : specified compressSve strength of
RM assemblage (kg/cm®)
1 : total length of the bearing wall
(em)
lw : 0.9 times the total length of the
bearing wall (cm)
pwe: equivalent shear reinforcement
ratio (= a, /(tee s;)
The "a_ " is sectional area of one
pair of shear reinforcement and the
"s" is the space of it. When this
value is more than 0.012t/te it
shall be 0.012t/ce.
Owy: material strength of shear
reinforcemenf of bearing wall
( £3000 kg/cm¢)
it (8/7) 1w (cm)
r : reduction factor of shear capacity

due to small openings, which value
shall be the smaller vc'ue of

1

ho lo
1-10/1 and 1-
hl

h : vertical distance between the main
lateral supports in the bearing
wall (cm)

he : height of small opening (cm)
lo : width of small opening {(cm)
ogoe : LN/ TAw
IN= Nm +Nw
Nm : same value to that in Eg. 9.4.1
Nw : same value to that in Eq. 9.%.]
Aw : total sectional area of bearing

walls including transverse walls
within the effective range (cm )

M/(Q+2): shear span ratio at mechanism
which shall be 1 and 3 when it
is less than 1 and more than 3,
respectively
M and Q are the bending moment
and shear force of the section

at mechanism.

(1) Formulae for flexural strength

Figure 9 shows the relationship between the
experimentally obrained shear stress at maximum
load, ,Tmax =Qmax/t -1, and shear stress
calculated by Eq. 9.4.1, .tmu = LcMu/t+l, whose
data were obtained from 12 specimens, which were
failed in flexure, among 57 specimens in total.
The test data are almost same as the calculated
value by the equation. In this case the results of
material test were used for the yield strength of
reinforcement. In these guidelines the equation by
which the average strength can be calculated is
adopted, because the design of each component
against shear failure becomes critical if the
equation which gives lowest value is used.

(2) Effect of transverse wall on flexural strength

The test results of bearing walls with
transeverse walls show that all vertical
reinforcement in transverse walls yielded when the
deformation angle was 1/200 to 1/100. The full-
scale five story test showed that total sectional
area was effective at final stage. Since the
target of the deformation angle in these
guidelines, however, is a little smaller, 1/400 to
1/300, than 1/200 to 1/100, the effective range is
limitted in the requirement.

(3) Shear strength

Figure 10 shows the relationship between the
experimentally obtained shear stress at maximum
load.trmax-Qmax/t- 1, and shear stress
calculated by Eq. 9.4.2, .Tsu=cQu/t-l, whose data
were obtained from 45 specimens, whica were failed
in shear or failed in shear after flexural yield,
among S7 specimens in total. All data are plotted
above the diagonal line. The equation see¢ms to
give the lowest limit. The material test results
are used for the calculation above.

(4) Effect of transverse wall on shear strength
There are 3 specimens with transverse walls.

The wall with transverse walls at the center

failed in shear after flexural yield and the wall



with transverse walls at the ends failed in shear.
The ratio of the strength of the wall with
transverse walls to that without transverse walls
is 1,43 in average and the ratio of the strength
with transverse walls to that without transverse

walls calculated by Eq. 9.4.2, in which te is
assumed to be 1.5, is 1.36 in average.
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9.4.2 Wall Girders and Foundation Beams
(1) The Eq. 9.4.1 shall be used for the
flexural capacity of wall girders.
Mu =0.9+ Z(at« Oy « d) (kgecm) (9.4.3)
where,
at : sectional area of flexural
reinforcement in which the
sectional area of the slabs within
the effective range shall be
included (cm<)
oy material strength of the flexural
reinforcement =gccified in Section
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3.3 (kg/cr?)
: effective depth of the wall girder
(refer to Section 7.3.2) (cm)

(2) The Eq. 9.4.46 shall be used for
shear strength of the wall girders.

the

0,053 ptel+23 (Fm +180)

Qsu =0.9
M/ (Q -d)+0.12
+ 2.7 [pwe » GU)’} be « j (kg)
(6.4.4)
where,
be the vall
sectional
girder

. equivalent width of
girder when total
area of the wall
including the sectinal area of
the slab within the effective
range LAg is replaced to the
rectangular section with depth D (cm)
This value shall be less than 1.5
times the width b of the wall gider.

be="LAg /D besl.5b

reinforcement

(%)

: equivalent flexural
ratio

(= 100L at / ( be+d ) )
sectional area of flexural
reinforcement in which the
sectional area of siab reinforcement
within the effective range may bte
included (em¢)
specified compressive
RM assemblage (kg/cm<)
: depth of the wall girder (em)

pte

at

Fm : strength of

pwe : equivalent shear reinforcement ratio
(= a“/(be- s))
The aw" is the sectional area of a
pair of shear reinforcement and
the "s" is the space of it. When
this value is more than 0.012 b/be,
it shall be 0.012 b/be.

owy :

yleld point of shear reinforcem%nt

of the wall girder (< 3,000 kg/cm®)

M/(Qed):shear span ratioc at mechani-w which
shall be 1 ard 3 wher the value is
less than 1 and more than 3,
respectively
M and Q are bending moment and
shear force of the section at
me~hanism.

j: (7/8)d may be used.

(3) The flexural strength of the foundation
beam may be calculated by Eq. 9.4.3.
The shear strength of the foundation beam
may be calculated by Eq. 9.4.4 in which
the reduction factor 0.9 in the equation
may be changed to 1.0.

(1) Flexural strength and shear strength of wall
girder
Eguations 9.4.3 and 9.4.4 were examined using
the test results of 33 specimens in total.
The comparison of the test results and the
calculated values by Eq. 9.4.3 is shown in Fig.
11. The specimens, plotted under the diagonal



line which shows the ratio of test results to
calculated value is 1.0, were failed in shear.
For the specimens failed in flexurure, the ratio
is 1.2 to 1.5.

The comparison of the test results and the
calculated values by Eq. 9.4.4 is shown in Fig.
12. The specimens, plotted under the diagonal line
were failed in flexurure. For the specimens
failed in shear, the ratio is 1.1 to 1.5. Equation
9.4.4 seems to be coservative, The failure modes
are clearly divided by the diagonal line as shown
in Fig. 13.

maximum shear stress (test Tmax, kg/cmz)

shear stress at flexural strength

(calc Tmu, kg/cmz)

Fig. 11 Maximum Strength versus Flexural
Strength of Wall Girder
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Ductility Design of Components (Section 9.5)

7

9.5.1 Walls

(1) For the component type Fl and F2 of
hearing walls, the ratio of the shear
strength and the shear force at mechanism
shall be larger than the value in
Table 9.5.1.

Table 9.5.] Lowest Limit of Qsu/Qmu
for Bearing Walls

Toe / Fm F1 F2
<0.10 1.20 1.10
0.10<, £0.15 1.25 1.10
0.15¢, £0.20 1.30 1.15
0.20<, 50.25 -~ 1.20

(2) Adequate confining reinforcement which
resists the crash of concrete shall
be provided at both ends of the bearing
wall where yield hinge is expected at
mechanism. HHowever, the bearing wall
of which Goe/Fm is less than 0.1 and
wall width is less than 2.5m, or the
bearing wall with transverse walls is
exepted.

(1) The ratio Qsu/Qmu required for bearing walls
In order to assure the flexural yield
failure, the shear strength Qsu is neccesarily
greater than the shear force at mechanism. The
flexural strength does not decrease so much under
repeating load, but this shear strength decreases
under repeating load in plastic range especially
under high axial force. I[f the value oqge/Fp 18
greater thaa 0.25 in Table 9.5.1, this gearing
wall may be the component of F3 in which the
ductility is not expected. For the bearing wall
with transverse walls, the ductility may be



expected and the values in Table 9.5.1 may be
decreas2d by 0.1, because the strength of the wall
+ith transverse walls ias a little greater than the
calculated one and the decrease of shear strength
is smsll under repeating load when the transverse
walls exist at both ends of the bearing wall.

(2) Reinforcing at the ends of the bearing wall
against crash in compression

High ductility is required at the bottom of
the first story bearing wall. Since the ductility
of flexure largely depends on the limit of
compressive strain of concrete, confinement is
needed in order to protect crash after maximum
stress.

9.5.2 Wall Girders ard Foundation Beams

(1) The shear strength of the wall girders
and foundation beams of which component
type is Fl shall satisfy Eq.9.5.1.

Qsu 2 QL + n.Qmu (9.5.1)
where,
Qsu: shear strength of the wall
girder and foundation beam

specified in Section 9.4.2 (kg),
QL : shear force under long term load
(kg),
Qmu : shear force at mechanism (kg)
n : coefficient multiplied to shear
force to ensure the ductility, which
shall be larger than 1.1.

9.5.2 Reinforcement of Small Openings of
Bearing Walls

(1) In case that a small opening regulated
in the term (2) of Section 5.2 exists in
the bearing wall, additional diagonal
reinforcement and ridge reinforcement
required by Eq. 9.5.2 shall be provided
around the small opening.

(i) sectional area of additional diagonal
reinforcemsnt at corners of the small
opening (cm<)

ho + lo Qmu

2 JE;I ay

(ii) sectional area of additional vertical
ridge reinforcement at corners of the
opening (cmz)

84 = (9.5.2 a)

ho Qmu
ap, ® ————
2(1-10) gy

(9.5.2 b)

(iii)sectional area of the additinal
horizontal ridge reinforiement at the
corners of the opening (cm¥®)

lo h Qmu
agp s ——— o+ — -
2(h-ho) 1 oy

(9.5.2 ¢)

vh:re: width of the bearing wall with
small apening (c¢m) .
h : vertical distance between mail
lateral supports of the bearing wall
with small opening (cm)
lo : clear width of the small opening (cm)
ho : clear height of the small opening (cm)
Qmu: shear force of the bearing wall
at mechanism to which the value
specified in  Table 9.5.1 shall be
multiplied for the component type
Fl and F2 members (kg)
material strength of the additional
di-gontl and ridge reinforcement
(kg/cm®)

ay

The Equation 9.5.2 is same as used in the
AIlJ R/C Code. ‘

Around the very small openings, about IOQm
diameter, no special reinforcement is needed in

principle.

9.5.4 Bearing Wall-Wall Girder Joints

(1) The bearing wall-wall girder joints
which come under terms (1)-(i) through
(iii) of Section 7.8 shall de designed
against the shear force applied to the
joints at mechanism.

Application

(1) The shear force Qp in the bearing wall-
wall girder joints at mechanism can be
smaller one calculated by equations

below;
Q12
Q = ToleTb2 - —2—2 (A 9.5.1)
2
Qp+2 | 1P
Qp =(Twl+Tw2 - ——— Ye— (A 9.5.2)
Dp
where,
Tyi : yield force of tensile reinforcement

at i-end of the wall girder( Iat+Jy)
Tyi : yield force of tensile reinforcement
at i-end of the bearing wall
( Late 9y)
Qu; :shear force at
girder

i-end of the wall

D.[: il i e

e e Toiv—m f = }a::; ]

wall girder .

bearing wall

Fig. A 9.5.1 Stress at Bearing Wall-Wall
Girder Joint




Qui
lp:
Dp :

ay :

: shear force at
bearing wall
length of the bearing wall-wall
girder joint
height of the
girder joint
material strength of Elexural
reinforcement

i-end of the

bearing wall-wall

(2) The shear force used for the equations
above may be obtained from the following
vay;

(i) the shear force at mechanism stipulated
in Section 9.3,

(ii) the shear force of wall girders or
bearing walls obtained in Chapter 6,
(iii)

g

Q1% 2 i 12
-—2—— =2 (— My + — My / (hl+h2)
1
(iv) ol 02 (A 9.5.3)
Q1402 h) hy
s (— My + — < Myp) / (14ly)
h h
ol 02 (A 9.5.4)
where,
Mpi : flexural strength at i-end of the
wall girder at i-end
Myi : flexural strength at i-end of the
bearirg wall, which may be
L(aw .+ Oy) 2w
l; : span length at the 1left and right
1,; : clear span length at the left
and right
hy : height of the bearing wall
hoj : clear height of the bearing wall
— —t g ——
T hes . "r .! ha
. X .,"M-l .-
+__=,Mn My < -
T R Mot :
. :" 'I. £4; hi
b — - __A'a-'_-_.x-.
1, 1,

Fig. A 9.5.2 Notation for Design of Bearing
Wall-Wall Girder Joint

(3) The strength of bearing wall-wall girder
joints may be calculated by the following

equation.
uQp = 0.15*Fm-1lp-t (A 9.5.5)
where,

Fm : specified strength of the RM
assemblage

lp : length of the bearing wall-wall
girder joint

t : thickness of the bearing wall-wall

girder joint

From the test result the average shear stress
divided by prism strength utp = uQp/(l * t) of
besring wall-wall girder joint at maximum load was
0.18 Fem and 0.15 Fem kg/em.
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CONCLUDING REMARKS

These design guidelines for medium rise RM
buildings were completed March 1989 by
TECCMAR/Japan based upon the composite
experimental and analytical research which had
been carried out since 1984.

These design guidelines are ready to be
slightly revised this year. The major points to
be revised are the specification on the wall width
ratio and the minimum amount of reinforcement
required in design method B. In a revised
edition, the wall width ratio is expected not to
be specified in main body of the design
guidelines.
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U.S.-Japan Cooperative Research Program on Hybrid Control
of Seismic Response of Bridge Structures

by

Jiro TAGUCHI"’, Toshlo INASAKI®, Yoshio ADACHI™, Yasushl SASAKI*' and Kazuhlko KAWASHIMA®

This paper presents current research
activities on passive and active control for
application to bridge structures conducted at
the Public Works Research Institute. Japanese
-side research program for U.S.-Japan
Cooperative Research on Hybrid Control, which
is defined as a coambined approach of passive
and active control of seisaic response, of
bridge structures is also presented.

1. INTRODUCTION

Base isolation Is now being Increasingly
used In bridges in Japan for reducing the
structural response. Base Isolated bridge,
which Is supported by Isolators and energy
dissipators, causes less amount of structural
response during an earthquake, and with use of
base {solation it is sxpected to increase seisaic
safety of the bridge even during a significant

earthquake,
On the other hand, active control which can
control the structural response more

effectively than the passive control i8 now
being considered for application to seismic
design of structures. It Is expected to bring a
significant !msprovement of selsmic performance
of structures Including highway bridges. The
maln obstacle of the activa control is the large
amount of energy required to supply to the
structure. Because of such obstacle, the active
control is now being tried to apply for
controlling the structural response against
wind.

Combinatlon of active and passive control,
which {s defined here as hybrid control, seems
attractlve for solving this obstacle.
Appreciable amount of decrease of structural
response by means of passive control will make
the energy supply significantly small in the
active control to achieve the control of
structural response within a satisfactory level
during a significant earthquake. Increase of
lateral displacement of the deck induced by
introducing the passive control may be
Improved by the actlve control.

This paper presents the current research
activities conducted at the Public Works
Research Institute, Ministry of Construction, on
developaent of design method for base-isolated
highway bridges and a fundamental study on the
application of activs control for reducing the
seismic response of a highway bridge”®®<,
Japanese-side program of the cooperative
research program on hybrid control, which Is
now being Initiated since April 1999 at the
Public Works Research Institute, Ministry of
Construction, s also presented.
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2. CURRENT RESEARCH DEVELOPMENT FOR BASE
ISOLATED HIGAWAY BRIDGES

2.1 Guideline for Design of Base-Isolated
Highway Bridges (Draft)

For s-udylng an application of base
Isolation to seismic design of highway bridges,
a commitee chaired by Professor Tsuneo
KATAYAMA, University of Tokyo, was formulated
through 1988 to 1989 at the Technology Research
Center for National Land Development. Three
programs were studied in the coammittee, l.e., 1)
survey for I[solators and energy dissipators
which can be used for highway bridge, 2) study
on key points In design of base-isolated
highway bridges, and 3) design of base-isolated
highway bridges. As a final outcome of the
study at the committee, “Guideline for Design of
Base-Isolated Highway Bridges (draft) " was
published in March 1989%,

The draft guideline Iincludes the following
contents:

Chapter 1 General
1.1 Related Regulations
1.2 Definition of Terms
Chapter 2 Fundasental Strategy of Base
Isolation Design
Chapter 3 Design of Isolator and Energy
Dissipator
3.1 General
3.2 Design Displacement of Base Isolation
Device
3.3 Equivalent Natural Frequency and
Damping Ratio of Base lgolator
3.4 Dymaaic Characteristics of 3ase
Isolation Device
3.5 Static Characteristics of Base Isolation
Device
Chapter 4 Design of Base-Isolated Highway
Bridge
4.1 General
4.2 Selsalc Coefficient Method
4.2.1 General
4.2.2 Horizontal Design Seisalc
Coefficlent
4.2.3 Evaluation of Natural Period of
Base-Isolated Bridge

1) Former Director General
2) Director General
J) Director.Planning and Research Adsinistration

Department
4) Director, Earthquake Disaster Prevention
Department
5) Head, Earthquake Engineering Division,

Earthquake Disastar Prevention Department,
Public Works Research Institute, Ministry of
Construction



4.2.4 Evaluation of Sectional Force and
Displacement due to Inertla Force
4,3 Check of Bearing Capacity for Lateral
Force
4.3.1 General
4.3.2 Selsale Coefficient Used for Check
of Bearing Capacity for Lateral
Force
Zvaluarion of Natural Perlod
Evaluatiou of Damping Ratlo
Evaluation of Sectional Force and
Displacement due to Inertia Force
Equivalent Seisalc Coefficlent Used
for Check of Bearing Capacity for
Lateral Force
4.3.7 Bearing Capacity for Lateral Force
Chapter 3 Dynasic Response Analysis
5.1 Method of Dynamic Response Analysis
5.2 Modellilng of Base-Isolated Bridge for
Dynamic Response Analysis
$.3 Input Motion for Dynamic Response
Analysls
5.3.1 Input Motioa for Check of Design by
Means of Seismic Coefficient Method
5.3.2 laput Motion for Check of Bearing
Capacity for Lateral Force
S5.4 Investigation of Safety
Chapter 8 Gentral Provision for Design of
Structural Detalls
General
Distance between Structures
Design GCap of Expansion Joint
Devices for Preventing Falling-off of
Superstructure from Substructure
General Provision for Design Detatls of
Base [solation Device
ippendix
1 Design of Base-Isolated Highway Bridges
1 Design Method of Base Isolation Device
B Example of Design Calculation of
Base-Isolated Highway Bridge
(In the Case of Ground Condition of
Group 1)
IV Example of Design Calculation of
Bage-Isolated Highway Bridge
(In the Case of Ground Condition of
Group H)
V Example of Structural Detalls
V1 Example of Various Base-Isolation Device

4.3.3
4.3.4
4.3.3

4.3.8

8.1
8.2
8.3
6.4

2.2 Joint Research between PWRI and Private
Firms on Development of Base Isolation System
for Highway Bridge

Baged on the study made for proposing ”
Guideline for Design of Base-Isolated Highway
Bridges”, for alming to develop a further
practical design wmethod of bage-isolated
highway bridges superior from both selsmic
safety and construction cost polnt of view, a
Joint resesrch program between PWRI and 29
prive~e firnus on "Development of Base-Isolation
Sysiems for ilighway Bridges® was initlated since
1969. The research Is scheduled to continue for
three years until 1992.

Scopes of the joInt research contain the
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following research/developaent programs :

1) Development of {solator and energy
dissipator suitable for highway bridge with
utllizing new materials and technologies

2) Development of expansion Jjoint and
falling-off prevention device suitable for
base-isolated bridge

3) Development of
base-isolated bridge

4) Application of base-isolation for highway
bridge

design method for

In the project 1), it is almed to develop
less expensive isolator and energy dissipator
which are superior for long-tera use as well as
function. In the project 4), application of base
Isolation for super-long multiple-continuous
highway bridge with total length over 1 ka and
for selsmic retrofitting orf vulnerable existing
highway bridges is being investigated.

The 29 private firms joined In the joint
research program consist of material makers
such as rubber and automobile tire makers,

bearing supports fabricators, consulting
engineering {firns, steel superstructure
fabricating companies, and general
construntors.

Table-1 shows the research subjects and
contributions.

2.3 Construction of Dase-Isolated Uighway

Bridges
Seven base-isolated highway bridges as
shown in Table-2 are currently being

constructed by the gupport of the Minlstry of
Constructlon for the purpose of Incorporating
the base Isolation design into the practical
use. After completion of the construction, a
serles of tests Including a push-pull test,
forced excitation test with use of an
eccentric-mass shaker and strong wmotion
observation s scheduled to be made for
studying the dynamic characteristics of the
bridges.

Among the seven bridges presented In the
Table-2, the design has been already completed
for Nagaki-gawa Bridge. Maruki Bridge,
Karasuyama No.)l Bridge and Miyakawa Rridge.
and construction of the substructures Is now
under way.

3. A FUNDAMENTAL RESEARCH ON APPLICATION OF
ACTIVE CONTROL TO HIGUIWAY BRIDGE .

3.1Selsalc Response Control by Means of Active
Mass Systea

To study an application of active control
for reducing selsmic response of bridge, a
simple analysis Idealizing the bridge by a one
degree of freedom system Incorporating an
active mass on the deck was made®. Fig.l shows
an analyticsl model with an active mass.

Equations of motion of the bridge with the
active mass system can be written as



G T
N R

Be. Co. ke : mass, damping coefficlent and
stiffness of the bridge
Xe. Xo, X, : relative displacement, velocity
and acceleration of the bridge
f. @ external force applled to the bridge
B, ke : mass and stiffness of the active
mass systea
Xe, X4, Xo ; displacement, velocity and
acceleration of active mass
relative to the bridge
: external force applied to the active
sass
u : control force of active mass system

feo

The control force Is assumed to be
determined by a llnear combination of
displacesent and veloclity of the bridge and the
active mass as

u= (G% G:]{?.}-&- (GG [x.}

X o Xa
(2)

In which, G and G.° represent control gain
vector of velocity and displacement of the
bridge, respectively, and G." and G" represent
control gain vector of those of the active aass,
respectively. Substituting Eq.(2) into Eq.(1),
one can obtaln the equations of motion of the
total system as

X=AX+Bu+pD 3
where

X= [Xa Xa Xa X o} I

A= [—!"'i -M_"JLJ

.L_' L 2

B={-me moe 0 0)7T
-1 -1

D= {~-mate Malq O 0} T
M= [m. O

[0 llla]
_Q- [C. 0

a a
K= [ketke —Ka

"'k. k.]

1: unit matrix

Introducing state variables X, the control
force by Eq. (2) can be rewritten as

u=GX )

In which
* * ® L}
Q_- {Gao Gau Gas G o}
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It Is an {mportant role to determine
sppropriate control gain vector G ian order to
adequately control structural response using
actlve mass system. Varlous asthods to
deteralne control gains has been studied and
proposed in the )literature. In this study, the
foliowing two control methods are considered.

1) Optimal Feedback Control Method
In the optimal feedback control method,
control galns have to be determined so that the
objective function J be minimized base on an
optimal control theory.

1-;— (ETQX+RuD at  (8)
in which matrix Q and R denote weighting
factors on state varfables and control force,
respectively,

Control gain vector G can be obtained by
matrix P which satisfies Algebralic Riccati
Equation as

ATP+PA+PBR'B"P-Q=0 (6)
G=R'BTP )
2) Modal Control Method

Modal control method gives a control force
as a linear coablnation of modal responses,
which are generally called as generallzed
coordinate. The control force can be obtained
as

u=Ek, r; (8

d=1
in which K, and r, represent control constants
and j-th generalized coordinate, respectively.
Control constants are determined using a
method developed by Porter et.al as

m .

E.(Pl‘l )
I — (9)
OJF(l 1—2ay)

[ g |

In which
i, : complex eigenvalue of j-th mode of
uncontrolled system
p 4 : complex eigenvalue to be assigned of

J-th mode of controlled systea

¥,: )-th element of a vector obtained
from complex wmodal vector, and
matrices A and B

3.2 Bridge Analyzed and Analytical Conditions
Flg. 2 shows a bridge analyzed which Is of
three span continuous girder bridge with deck
length of 9% m Response In longltudinal
direction 1Is considered for the analyslis.
Fundamental natural frequency is evaluated as
0.99 Hz. Damping ratio inherent of the bridge is
assumed as ® for alming to Isolate the effect of



the active mass systea.

Since the selection of the proper mass is
one of the important design parameters In the
active mass systes, 3 cases with a mass ratfo,
which is defined as a ratio of the active mass to
the mass of the superstructure ( 1,835 tf ), of
i/10, 1/160 and 1/1666 are considered in the
analysis. Spring coefflcient ko of the active
mass system {3 assumed so0 that the natural
frequency of the active mass system becomes 1/4
of the fundamental natural frequency of the
bridge ( 8.99Hz ). '

Control gain vector Is determined In the
following ways:

1) Optimal Feedback Control Method
Welghting matrix Q is assumed to be as

Q: 0 0 o
0 0 O

Q- Q. -
0 0 Q.0
[

06 0 0 Q.

(10)

in which, Q.,¥ and Q.“ denote weighting factors
for relatlve displacement and velocity of the
bridge, respéctively, and Q. and Q.* represent
those of active mass. Because bending moment
developed at the pler which (s the most
Important parameter for seismlc design of
substructure Is generally proportional to
relative displacement of the bridge, the
control force Is assumed to be determined only
by Qsd (l.e., QaV*Q(¥=Q,“=8) In this study. The
welghting factor of control force R (s fixed as
1.8, and three cases with Q,* of 18%,16® and 18'°
are considered. Table-Xa) shows the control
gain vectors thus determined.

2) Modal Control Method

Control galn vector 1s determined so that
dampling ratio of the total system becomes 0.1,
8.2 and 0.3 without changing natural frequency
of the brildge. Natural frequency of the bridge
was not changed so that effect of the input
ground motion on seismic response be the same
with the analysis assuming the optimal feedback
control. Table-3(b) shows the control gain
vectors thus determined.

Two ground =sotion acceleration records
obtained at ground surface near the Kathoku
Bridge during the Miyagi-ken-okl Earthquake (M
7.4) In 1978 (referred as Kathoku Record) and on
the Hatiro-Gata during the Nihonkai-chubu
Earthquake (M 7.7) (n 1983 (referred as
Hachiro-gata Record) are used for the Input
motion. Peak accelerntion of the two records
was assumed as the same with the oneg actuaily
measured. :

3.3 Effect of Active Mass Systes Assuming
Optinal Feadback Control Method

Figs. 3 and 4 show the response displacement
and acceleratjon of the bridge assuming the
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optimal feedback control method when subjected
to the Kalhoku Record. The mass ratio m./m, of
17100, and weighting factor Q«* of 10° and 18'°
are assumed. Acco:ding to these resuits, when
Q.° Is assumed as 10% sinusoidal response Is
seen In both displacement and acceleration,
which i{mplles that an apparent dasping ratio of
the system is quite small. Predominant
frequency (9.99Hz) of the response correspands
to the natural frequency of the system
consisted of the bridge and the active mass.
Peak response displecement of the deck is 6.8ca.

On the other hand, when Q.° Is taken as
18'®  both displacement and acceleration
responses become quite small as compared with
the case assuming Q." as 18° Acceleration
response has a similar shape with the Input
ground acceleration. This implies that apparent
damping ratlo seems very large.

Effect of active control system !s studied
in terms of peak response. Fig.5 shows how peak
response displacement and acceleration of the
bridge vary in accordance with the weighting
factor Q. and the mass ratlo my/m,. Peak
response displacement decreases monotonously
In accordance wlith {ncrease of Q,° for both
Kalhoku and Hachiro-gata Records. However,
peak response acceleration does not decrease
monotonously, and has its peak at Q,* = 18° for
the Kalhoku Record. It should be noted that in
some cases the response acceleration does not
decrease monotonously even If control galn
vector Increases. This fis attributed to the
stroke of the active mass, as will be discussed
later.

Fig. 8 shows stroke of the active mass. For
the Kalhoku Record with the control of Q,° =
18'S, peak control force becomes 199 tf which
corresponds to 18% of the dead weight of the
superstructure (1,035tf). The stroke of the
active mass to get the peak control force of 199
tf significantly depends on the mass ratlo
me/Be. Vhen r. = 171600 the peak stroke of the
active mass becomes extremely large, i.e., 37.4
m. It Is Impossible to ensure such large stroke
of +37.4 m in the bridge with the span length of
36m. On the other hand, when ra = 1/18 the peak
stroke of the active mass becomes 8.42 &, which
may be in the range of a practical use. However,
although the stroke of the active mass Is within
a tolerable range, the sass with 19% of the dead
weight of the superstructure Is excessive for a
practical use. Therefore, It {s quite {mportant
to design the system so that the mass and the
stroke are In the tolerable range.

3.4 Effect of Active
Cootrol Method

Fig.7 shows peak response displaceaent and
acceleration computed assuming the modal
control method. Peak responses of the bridge
decrease monotonously In accordance with
Increase of the damping ratlo of the systea h..
This {s quite natural because damping ratio of
the systes Is assumed to !ncrease by means of

Mass Assuming Modal



the active mass systea. Fig.8 shows the control
force and the stroke of the active mass. As was
the case of the optimal feedback control. the
control force is not affected by the mass ratfo,
becausa it Is compensated by the stroke of the
active mass.

4. U.8.-JAPAN COOPERATIVE RESEARCH PROGRAM ON
AYBRID CONTROL. OF STRUCTURAL RESPONSE

Although the active control {s an attractive
approach, energy required to supply for
controlling the seismlc response of bridge
structures within a desirable level Is
excessive. This obstaclie seems qulte difficult
to solve with use of the the currently existing
technology, In particular In Japan where
occurrence of an earthquake with magnitude
over 8 has to be taken into account in selsaic
design. Hence, it Is consldered difficult to
apply active control system for coatrolling
seismic response of bridges In near future.

Therefore, at this stage a coabined
approach of passive and active control, which
is defined here as hybrid control, seems more
superior for controlling seismic response of
bridges.

The advantages of the hybrid control can be
expected as

1) By introducing actilve control to a
base-isolated bridge, deck response
displacement, which sometimes becomes excessive
for avoiding to use expansion joint with large
gap, can be reduced. Thus, the hybrid control
extends the applications of base isolation.

2) Controi energy can be significantly
reduced as compared with the energy required
in active control.

3) Dependence on active control can be

decreased, which, in turn, decreases
inconvenience caused by miss-working or
malfunction of the control systea.

Base on such considerations, the hybrid

control seems more superior than the active
control for alming to reduce structural
response of bridges during a significant
earthquake. Therefore, a 5-year research
prograa on hybrid control of seisaic response
was (nitiated In the Public Works Research
Institute from April 1990. The objectives of this
research program are to study an application of
the hybrid control for bridge structures (reter

to Fig.9) as
1) Control of super long-span continuous
bridges
2) Control of bridges on relatively soft
ground

3) Improvement of seisalc performance of
bridges on the Important urt.n route

For such targets, the following research
items are consfdered for study :
1) Development of passive control element
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sultable for hybrid control system
» Devalopment of variable damper
- Development of damper with fajl-safe
function

2) Development of active control
sultable for hybrid control

3) Development of optimal hybrtd control
systea by comoining 1) and 2)

system

This research program is to be executed as
a U.S.-Japan cooperative research program
through the actlvities of the Panel on Wind and
Selsmic Effects of UJNR.
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Table 2 Comstruction Projcct of Basc-Isolated lighway Bridge

Owner Bridge Name Type of Super- Length (m)
structure
Hokkaido Developing Bureau | Onnetoh Bridge Steel Girder 456
Tohoku-Regional Bureau, MOC| Nagaki-gawa Bridge ” 97
Kantoh-Regional Bureau, MOC | Not Yet Selected Not Yet Decided Not yet Determined
Chubu-Regional Burcau, MOC ” ” ”
Iwate-ken Maruki Bridge Presuressed  Concrete 92
Tochigi-ken Karasuyama Bridge ” 250
Shizuoka-ken Miyagawa Bridge Steel Girder 110
Table 3 Control Gain
{a) Optimal Fecdback Control
Case Gain
me/m. Q G; (N-s/m| G (N-s/m] G N/m| G' (N/m]
I = 10¢ 160 -5.34 22 -26
10 10°¢ 1,560 -52.2 2,100 -2,560
1010 9,630 <32 79,800 -97,300
1 10°¢ 160 -0.54 22 4
100 10* 1570 -5.24 2,120 kY,
101 9,640 -36.2 79,900 14,300
10¢ 161 -005 22 -1
—1(;—)0 10 1,570 -0.53 2,120 -66
101 9,640 -322 80,000 -2480
{b) Modal Control
Case Gain
me/m. h, G; [N:s/m) G, N-¢/m) G* [N/m] Gt (Nfm]
1 0.1 1210 40.5 402 763
10 0.2 2420 -48.5 804 750
0.3 3,640 -56.6 1,210 653
0.1 1210 -4.05 402 139
'1'&‘) 02 2420 485 804 133
03 3.630 -5.66 1,210 127
N 0.1 1,210 -040 402 139
1000 02 2420 049 804 132
0.3 3,620 0.57 1210 125
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Fig.1 Analytical Model of Onc-Degrec-of-Freedom System
with Active Mass Damper
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Fig.2 lighway Bridge Analyzcd
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Lateral Resistance of a Pile

Michio Okahara'!, Shoji Takagi® and Keiji Taguchi®

BY
ABSTRACT
In ordar to investigate static
horizontal resistance of piles,
numarous horizontal loading tests
ware performed and the results
analyzed using statistical
techniques. Through analysis of
thase horizontal loading teasts,
we examinsd factors influencing
amounts of yield displacesent and
evaluated both amounts of allowable
displacasant and coefficients of
ground reaction in a horizontal
direction, assuming that yield

displacemsent is defined as the
amount of displacemant at the point
where regidual digsplacement
rapidly increases with respect to
horizontal displacesent.

KEY WORDS: Pile, horizontal loading
test data, yield displacement,
allowable displacement, horizontal
ground reaction coefficient

1.INTRODUCTION

It has for many years beean
necessary to establish a method
of predicting pile behavior

under conditions where horizontal
forca and moment act on a pile.
In the cease of static behavior

alone, this subject is complicated
by the dependency of pile behavior
on various factors each such as
non-uniformity and non-linear
characteristics of the ground,
the type of pile, and the method of
pile construction.

Approaches to predicting
horizontal behavior of a pile can
be generally classified mainly

into the following three categories
regarding the concept of horizontal
ground reaction:

1) T™he ultimate ground reaction
method
2) The (linear or non-linear )

elastic ground reaction method
3) The elastic-plastic ground
reaction method

In Secifications of Substructures
in "Spacification for Highway
Bridges" Part [V (hereafter referred
to as Guide), the linear elastic
ground resction method is adopted,
which agsumes that the ground
raaction is proportional to pile
displacement and which sets
coefficients of ground reaction in
a horizontal direction and
allowable amounts of horizontal
displacement for piles of relatively
small diametars. Howaver, gince both
the size of pile foundations
and varieties have been increasing
with bridge scale, a more
rational approach must be
established when designing
bridges. 1In this report, we have
investigated horizontal resistance
properties of piles by analyzing
data obtained from loading tests
by means of statistical mathods.

2. SUMMARY OF HORIZONTAL PILE
LOADI TEST DATA

Horizontal loading test data were
collected for the 415 cases to be

analyzed. The primary data
(Table 1) available for the
following statistical analyis were
selected from among these data,

which were important to our

investigation. Figures 1 and 2 show
the frequency distributions of pile
diameter and length, respectively.

In the following sections: "3.
Studies of elastic limitation on
the horizontal behavior™ and “4.
Studies of the coefficient of
horizontal ground reaction”,
statistical methods were applied to
the secondary data groups selected

! Engineer Head, Foundation
Engineering Division, Structure and
Bridge Departmsent, Public vorks
Raseach Institute, Ministry of
Construction

genior Research Engineer,
Foundation Engineering Division, Ditto

*Ressarch Erginser, Foundation

Engineering Division, Ditto
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s0 that validity was retained for
respective purposes and methods
(Table 2 and 3).
3. _INVESTIGATION ON LIMIT OF

1C V1
3.7 Vield displacewent and its definition
when the norizontal force and
moment act on the pile
foundation, 1ts beshavior in a
horizontal direction is usually
non-linear. This wmeans that soils
perfectly elastic and a
region whare plastic deformation
occurs gradually grows larger with
increasing loads. In the Guide,
the non-linear behavior of pile
foundation is treatad as the
"appsrent” linear behavior,
utilizing the coefficent of
horizontal subgrade reaction (Kyu)
obtained in & linear condition.
This is bacause elastic
design within a region of
allowable horizontal displacemsnt
should ° enable soil rensstance
to an ismense and repetitive load,
such as seismic force. We have
here, from a similar point of view,

investigated with Tespect to
the displacement necessary to
attain not only mechanical
stability of a pile, but also
to withstand an increase of

harmful residual displacesent.

Figure 3 shows the relationship
between rasgidual displacemsent of a
pile hasad after removing the load
and its strain (which is defined
as the ratio of the amount of pile
haad displacement to the pile
head diamatar befors removing the
load). From the Zfigure, which is a
typical example, oOne can Bsee that
rasidual displacement rapidly
incresases besyond a certain amount
of pile head strain. It ig thus
suggested that large plastic
deformation of soils could not
only be prevented but also its
stability as & foundation could
be presserved if the pils head
displacement were designad <o be
balow the point of inflection
where the amount of residual
displacesant begins to incCrease
rapidly. The following
investigations were carried out
by defining the amount of pile
haad displacemsant corresponding
to that of the inflection point for
residual displacement, to be the
yield displacement.
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3.2 Results 0f Yield
Displacement Analysis

The amount of yield displacemsent

of 8 pile derived from data is
affected by various factors such as
pile size, type, method of
congtruction, and hardness or
softness of the soil. Yiela
displacement was evaluated for
respective data, and correlations
examined betwean the following
indices: yield displacement (Sy),

ratio of the yield displacemsnt to

the pile diameter (Sy/D), type of
pile and modulus of the ground
daformation (Egp ).

Figures 4 and S presant
relationships batween Sy vs. Eg
and S8y/D vs. Ej;o. Here, the modulus

of the ground deformation E;, was

N up to depth 1/88 .

( B= Ky )
Since the results show grest
variation, there does not seem

to be any index governing variation
of yield displacement as seen in
the figures. Therefore, relative
frequency of Sy/D, and the
average values and coefficient of
variation wers aobtained based on
statistics. By -assuming <that the
fraquency distribution of Sy/D
is a normal logarithmic
distribution, probability of
non-excess for three cases (10%, 15,9%
and 30%) were checked.

Resules of such statistical
treatments presented in Figure 6
and Table 4 are summarized as follows:

(1) The coefficients of variation for
respective types of piles obtained
from Figure 4 £fall in the region

of 76%-105%, showing a wide
distribution. This observation
may be due to unknown
characteristics of s0ils
and artificial causes at the
time of pile construction and

loading tests.
(2) Statistical values obtained for
cast in-situ piles seem to be
different from those for othar
types ©f piles. This is because
the quality of cast in-situ piles
varies greatly with the quality of
construction, and because soils
around a pile ars likely to
soften excavation works, while
distortion and cracking of a pile



resulting from loading tests
change its section rigidity
and a pseudo-yield point is

therefore likaly to be forwmed.
The average valus of Sy/D is
evaluated as 3.8% for the
total distribution of all
piles, and those for three
probabilities of non-excess are
in the range of 0.9 to 1.7%.
Considering the probability of
non-excess of 10 to 15.9%, a
figure approximataly 1% of the
pile diameter is a reasonable
index, including the amount
of yield displacement.

(3)

3.3 Displacsment Allowable In

Dasigning Pile Foundation

is an

it is
appropriate
critical
with

foundation
structure,

Since a
underground
NBCessary sat an
wmodel of calculation,
terns and allowable valuas
respect tO its design. In pile
design for highway bridges in
Japan, ground with non-linear
physical characteristics is treated
as having linear characteristics
while, horizontal Dbehavior of a
pile has Dbean checked by using
the linear method of elastic
reaction, and horizontal
stability of a pile foundation
has been examined by measuring
amounts of horizontal
displacement at the design ground
level. The concept of yield
displacesent described in the
previous section is derived from
the concept that the amount of
displacemsent corresponds to
the limit of horizontal elastic
behavior of piles and soils. As
long as the amount of displacement is
below that of yield displacemsent,
the assumption that solls are
elastic is reasonable and no
significant errors should occur
when designing.
Therefore, the yield displacemant
define¢ above can be used as the
allowable displacesant, which
prevents formation of harmful
residual displacesent and
restrains horizontal behavior
of a pile, keeping it within
its elastic regime. Thase results
suggest that the horizontal
displacement allowable in designing

to
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should be rationally estimated
a certain ratio,
1%, of the pile diameter.

by
approximately

4. INVESTIGATION OF COEFFICIENTS OF
HORIZONTAL GROUND REACTION
4.1 Subjects

The ground reaction coefficient has

complicated characteristics: gtrain
dependability, dependability on
load width, dependability on load

time. Since calculated values of the
ground reaction coefficient vary
with strain level, strain level
must be evaluated when designing.
The fact that since <the piles
foundation is elastic, the depth of
foundation able to resist loads is

well known to change with pile
diameter and rigidity, and with
softness or hardness of the
ground must also be considered.
Moreover, since types of foundation
vary according to purpose, <he
interation between the pile and

the s80il must be investigated. Wwe

have investigated these points
using data obtained by
horizontal loading tests of piles
as follows.
4.2 Methods and Results

The strain level due to loads
acting on the pile head was
assumed to Dbe 1% ' of the pile

diameter in order to investigate an

equation for estimating ground
reaction coefficients in a horizontal

direction. This is the standard
amount of displacement so that the
horizontal reaction coefficient is
calculated within the region of

elasticity in the behavior of pile
and soil. Iin order to examine
possible <tumbling of the pile and
characteristics of the ground, the
loading area of pile(A;) is given
by Eq. 4. Eq.1 is the equation
used to estimate the ground
reaction coefficient:

Ky = Kyo (By/ 30 ) “37* (1)

Here, Ky : the coefficient of
horizontal ground reaction
(Xg f/cm?)

Kyo: the coefficent of gruond
reaction in a horizontal
direction (Kg/cm®)
equivalent to the value



determined from a flat plate
loading test conducted by
means of a rigid daisk of
30ca diameter and obtained
by the equation:

Kyo = Eo/30 (2)

By: the equivalent loading width
of a pile (cm) perpendicular to
the direction of loading and
obtained by the eguation:

Bu «/An (3)

A,: the loading area of a pile

(cm?) perpendicular to the
direction of loading and
obtained by the equation:
Ay = DX 1/8 (4)
D: the diameter of pile (cm)
1/8: the depth of foundation
related to horizontal

resistance (cm)
f: the property value of a pile
/X, D/(4EI) (cm™ ')
EI: the bending rigidity of a
pile (Kg cm®)

Using the secondary data group
shown in Table 3, reverse-
calculated values of Ky were
obtained for the 1% level of pile
head strain from individual
loading tests. These values were
then compared with those
sstimated using Eg.1l from results
of the basic survey carried

out at the same positions. Here,
the reverse-calculated values of

Ky were obtained from amounts of
displacement at the ground
surface of pile using the
Hayashi-Chang Equation.

Fig.7 compares the Teverse-
calculated  values of Ku with
those of K, calculated by Eg.l.
The Dbroken lines denote turning
lines related to the least-square
msethod, and the solid 1lines show
the rxegions of 1:1, 2:1, and 1:2,
respectively. Fig.8 shows
the normalized probability
distribution form ratios of the
reverse-calculated Ky to the Ku
calculated by Eq.1, assuming a
normal logarithmic distribution.

The following observations
obtained from these results:

were

(1) A good correlation does not

appear to exist between the
reverse-calculated Ky and the
estimated K, revealing

H
considerably scattered data.

(2) Estimated Ky tends to be
slightly larger than the reverse-
calculated K.

(3) The method, in which 1-% of the
pile diameter is adopted as the
standard displacesent for
calculation of the horizontal
ground reacion coefficient, shows
applicability to various <ypes
of piles, while the use of Eq.l

was found to be generally
suitable for estimating the
ground reaction coefficient

in & horizontal direction.

5. CONCLUSION

In this study we have examined
resistance characteristics of piles
in a horizontal direction by using
the elastic ground reaction method
in the pile design. Results suggest
that yield displacements in loading
tests of piles are approximately 1%
of the pile diameter, and that the
yield displacement seems to correspond
with the diameter of <the pile.
Moreover, from these results, we have
proposed an equation able to
estimate both allowable
displacement and coefficients of
ground reaction in a horizontal
direction on the design ground
level: arror widths of data
obtained were relatively large
because loading tests were carried
out for soils whose mechanical
properties are not well known.

Although this paper has
dealt with static loading
tests, it is also important

to study resistance characteristics
of dynamic loads due to actual
seismic force. It will be necessary
to carry out further investigations

regarding such subjects,

including characteristics of

dynamic pile resistance in a

horizontal direction.
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Table 1. The numbar of dats collected from losding tasts and the numbar in
the primary dsts group

Collected date

Primary
dats

First selection terms

Steel plles

237

137

Cast in-spitu
piles

30

PC piles

PHC piles

30

24

415

231

QO Those whose standard penetration
tast data was insufficient

@Those consisting
plles components

of unknown

QThose use special types oOf

pile and construction msthod.

@ Those whose curve of Weibull
distribpution is larger than
the Pmax obtaind from loading
tests: Py>Pmax

©SThose vwhose data of load~
displscsmsent do not follow the
Weibull distribution curve.

Table 2.

Pmax : Maximom loading load Py :

Yield load estimated

T™he number in the secondary data group and sslection terms(Aliowable)

Primary
date

Secondary
asta

Sacond salection terms

steal piles

137

117

Cast in-situ
piles

30

16

piles

40

a1

PRC piles

24

24

188

QP Those whose height of loading
load from the ground surface is
larper than the pile dismeter
H>D

@2Those whose  Smax obtained
fxrom Joading tests does not
reach 1% of the pile diamster

Smax<0.01D
@ Those whose circle number of
measurement for load~ displacesant
undsr the loading test is less
than 2
@ T™hoes in which B0t eof tha Fu
shown as & Weibull distribution
curve is Jlarger than ths Paax
obtained from loeding Tests

0.80Pu>Pmax

Total
Smax :
Pmax :

Maxisum horisontal displacement

Maximum loading load
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Table 3. The secondary data and its selection terms (K,)
Primary Secondary Second saction taras
dats data
Steal piles 137 117 Qhose  whose estimated
yield load is larger than
Cast in-situ 30 16 the Paax obtained from
1% piles losding tests and whose
Smax is less than 1% of
PC piles 40 <> the pile diameter.
@Pile groups, thoss
PHC piles 24 24 whose pile head is {fixed
and whoss heaights are not
Total 231 i88 known .
Smax : Maximum horizontal displacement paax : Maximum loading load

Table 4. Results obtained from statistical treatments of Sy/D

Steel pipe Cast l
piles in-situ PC piles PHC piles total
pilas
Range( §) 0.3 ~22.4| 0.3 ~ 4.0 0.7~11.3 1.1~ 14.9 0.3~22.4
Average(}) 4.2 1.3 3.6 3.8 3.8
Standard 4.4 1.1 2.8 2.9 3.9
Sy/D deviation($)
variational 105 85 78 76 103
coefficient(%)
P = 10.0% 1.0 0.4 1.1 1.3 0.9
- .
-
g% g 15.9% 1.2 0.5 1.4 1.5 1.2
1
o 5 308 1.9 0.7 2.0 2.1 1.7
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Major Seismic Building Upgrades at the
Lawrence Livermore National Laboratory

F.J. Tokarzl

ARSTRACT

The Lawrence Livermore National
Laboratory is a U.S. Department of
Energy research complex located near
San Francisco and Oakland,
California. The Laboratory,
established in 1952, is located in a
highly seismic region which is
surroundad by both major (San
Andreas) and local fault systems.

In fact, in 1980 the Livermore
Earthquake (M-5.8) caused
considerable damaige at the
Laboratory. As a result, the
Laboratory has spent some $25
million (1990 U.S. dollars) in a
seismic upgrade program to enhance
life safety of each employee, and to
minimize potential damage against
future earthquakes. This paper
focuses on the majnr seismic
upgrades (reLrofits) of three
buildings: (1) a two-story physics
office building, (2) a five-story
computer office building and (3) a
seven-story administration building.
Also, included herein are brief
descriptions of the Laboratory,
seismic setting, impact of the 1980
Livermore Earthquake on Laboratory
facilities, and a discussion of the
seismic design criteria employed
over the years, with particular
emphasis on criteria used since the
1980 Livermore Earthquake.

by

G.E. Freeland?r
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and J.R. Hill?

1.1 Description of Laboratory

Lawrence Livermore National
Laboratory (LLNL) was established in
1952. The Laboratory is operated by
the University of California for the
U.S. Department of Energy (DOE).

The Laboratory site is approximately
one square mile (640 acres) [2.59
km2] in size and contains municipal
services similar to those normally
found in any small city; police and
fire department, a medical
department, and
water/sewer/electrical/natural gas
distribution systems. Presently,
personnel at the site number around
11,000. There are approximately 200
permanent buildings that enclose

about 3.9 million sq. ft. (3.62x105
m2] (gross) of floor space, and over

1 Division Leader, Plant
Engineering Department,
Lawrence Livermore National
Laboratory, POB 808 L-654,
Livermore, CA 94550

2 Civil and Structural Section
Leader, Plant Engineering,
Lawrence Livermore National
Laboratory POB 808 L-654,
Livermore, CA 94550

3 Manager, Natural Hazards
Mitigation Program, u.s,
Department of Energqy, 19901
Germantown Road, Germantown, MD
20874



1,000 trailers on site (single,
stand alone units or joined together
to form one or two story complexes).
The Laboratory's annual budget is
approximately $1 billion (U.S.
dollars); it's facilities (excluding
utiiities and the contents of
buildings) are estimated as being
worth $810 million (U.S. dollars].

LLNL is located in the Livermore
valley about 40 miles ([64.4 km] east
of San Francisco and Qakland,
California. This site is in the
coastal region of Central
California, one of the most
seismically active regions in the
United States. Figure 1 indicate
the major fault systems which pose a
seismic ha.ard to Laboratory
facilities. To the west (60
kilometers) lies the major San
Andreas -fault zone which extends the
entire state of California. Closer
in, but still to the west, are
branches of the San Andreas; the
Hayward and Calaveras fault zones.
These latter faults are
approximately 25 and 17 kilometers
from the Laboratory, respectively.
And finally, several local active
faults surround the Laboratory
within the Livermore Valley.

The Laboratory has spent some $5M
[U.S. dollars] to characterize the
seismic hazard it faces.l/2 This
study, started in 1979 and completed
in 1984, included literature
reviews, geological mapping,
drilling bore holes, excavation,
interpretation of aerial
photography, soil dating,
seismological studies and
geophysical surveys. The
Laboratory’s work was reviewed by a
consulting firm and a three-member
panel of academic experts.

Major conclusive findings indicate:
(1) no evidence of active
earthquake faults underneath the
Laboratory; (2) land slide and soil

143

liquefaction at the Laboratory are
improbable; and (3) the major threat
to the Laboratory is that of strong
ground motion. Further, the
greatest seismic threat to the
Laboratory is from a moderate-size
(M=5.5 to 6.5) earthquake on local
faults in the Livermore Valley.
Major earthquakes on the San
Andreas, Hayward and Calaveras
faults are less of a threat than
local faults due to their distance
from the Laboratory.

Fiqures 2a and 2b characterizes the
seismic hazard to the Laboratory as
the result of the $5 million [U.S.
dollars] study. Fiqure 2a shows the
expected peak free field ground
acceleration verses the mean number
of events per year. Figure 2b gives
a response spectra normalized to lg.
These Figures represent the most
current information available, and
are used for the design of new
Laboratory facilities.

1.3 Impact of 1980 Livermore
Earthquake3r4

On January 24, 1980, LLNL
experienced an earthquake with a
Richter magnitude of 5.8, followed
within three minutes by three
relatively large after shocks with
magnitudes of 5.1, 4.0, and 4.2.
January 26th, another earthquake
with a Richter magnitude of 5.4
occurred. The epicenter of the
January 24th event was about 13
miles (20.9 km] northwest of the
Laboratory; the epicenter of the
January 26th event was about 4 miles
[6.4 km] northwest of the Lab. The
peak ground accelerations at LLNL
were estimated to be in the range
from 0.2g9 to 0.3g.

On

Although no one was seriously
injured, the 5.8 earthquake caused
considerable damage and disruption
at the Laboratory3. This is the
only earthquake that caused



significant damage to DOE facilities
during the past 46 yearsd- Building
walls of concrete and masonry were
cracked and broken. Extensive
cracking occurred in concrete
structures throughout the
Laboratory. Most of this cracking
was not a threat to the structural
integrity of the buildings or
structures. Hcwever, Building 311,
a two-story physics concrete-frame
office building suffered
considerable column damage at the
juncture of the second floor and
roof lines, equipment shifted from
mounting pads, and staircases
cracked. Building 113, the
Laboratory's five-story computer
office building, suffered extensive
cracking to its central lateral-
force resisting concrete core.
Building 111, a seven story
administrative building, suffered
damage to an exterior seven story,
free-standing stair tower.
Extensive cracking was observed in
the central core concrete walls, a
second floor sof:r-story, and at
column to beam connections.

In other Laboratory buildings, some
connections between tilt-up concrete
walls and their supporting
structural-steel frames had failed.
A few structural steel welds failed,
several loose or stretched bolts
were noted, and damage to the
connections of structural members
was found throughout the site. A
few structural steel framing members
buckled in some of the buildings.
Many eluvators could not be used
because counterweights had been
knocked loose from their mounting
brackets, bending the guide rails.
Surprisingly, the Laboratory had
very little indow glass breakage.
However, concrete anchors used to
fasten down various types of
equipment and tanks were twisted or
torn and, in some cases, were
completely pulled out of the
concrete,
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Trailer support stands moved and
toppled. Many trailers shifted,
causing their outside doors to jam
or be blocked, so that they could
not be immediately opened.

The Laboratory spent approximately
$10 million (in 1982 U.S. dollars)
in earthquake restoration, repair,
and upgrades from 1981-1985.
Approximately $7 million [U.S.
dollars] of this was directed toward
seismic tie-down of: office
equipment and library shelving;
mechanical and electrical egquipment;
trailers; ceiling and light
fixtures; acoustical tile and lay-in
panel ceilings; mechanical
restraints to cranes;and the
replacement of rigid with flexible
connections to propane tanks.

Approximately $3 million of the $10
million (U.S. dollars] was spent on
major building upgrades of Building
311 and Building 113. Another $6.5
million (in 1990 U.S. dollare} is
currently being spent to upgrade
Building 111. All three of these
major upgrades are discussed in
detail later.

2. MAJOR BUILDING UPGRADES

2.1 Seismic Crireria for New

Build

In general, the seismic design
criteria used for Laboratory
facilities has the following major
safety goals: (1) no loss of life;
{2) no building collapses, and (3)
no compromise of containment in
hazardous facilities.

The seismic criteria used at the
Laboratory reflect four eras: (1)
pre-1971; (2) 1971-1980; (3) 1980-
1989, and (4) present (U.S. DOE

6430.1a%/UCRL-15910.7) .



Pre-1971 Before 1971 al) facilities
were constructed to meet the latest
edition of the Uniform Building Code
(UBC) in effect at the time of
construction.

1971 to 1980 The 1971 San Fernando
earthquake, (magnitude 6.3), caused
far more damage than expected by
earthquake engineers. As a result,
the Laboratory expended a
considerable effort to review its
earthquake design criteria and its
facilities. The result was an
upgrade to our hazardous facilities
criteria such that the upgraded
criteria exceeded UBC criteria.
changes were implemented for
conventional facilities.

No

1980 to May 1989 All Laboratory
buildings, structures, systems, and
components were categorized into one
of four safety classifications:
High Hazard, Moderate Hazard, Low
Razard, and No Hazard (Conventional
Building). Each safety
classification had its own design
basis earthquake criteria. Table 1
summarizes Laboratory seismic
criteria used post-1980 Livermore
through May 1989 for new facilities.

High Hazard structures, systems, and
components {Seismic Category I
items) went through a two-step
design process. Seismic Category I
structures, systems, and components
are those items whose continued
integrity and/or operability are
essential to assure the capability
to shut down and maintain a safe
shutdown condition, and to prevent
or mitigate the consequences of
accidents which could result in
rotential off-site exposures.
1irst process consisted of
evaluation and design in the elastic
range of response. It wes done
using a dynamic response spectrum
analysis (Figure 3) with a
corresponding horizontal Design
Basis Earthquake (DBE)} peak ground
acceleration (PGA) of 0.50g applied
simultaneously with a wvertical PGA
of + 0.33g. Engineering evaluations

The
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and design were done by using UBC
Strength Allowables. Connection
evaluation and design included an
additional load factor of 1.5. Th.
is, the connection design/evaluation
used forces which were 1.5 times
those seismically calculated,. The
second part of the design process
allowed for inelastic response
Seismic Category I items were
checked against forces due to a DBE
with a horizontal PGA of 0.80g
applied simultaneously with a
vertical PGA of 10.53g. For this
check, the item was to remain
functional during and after the
earthquake.

Moderate Hazard structures, systems,
and components (Seismic Category 1
items) also went through a two-step
design process. The first process
consisted of evaluation and design
in the elastic range of response.

It was done using a dynamic response
spectrum analysis (Figure 3) with a
corresponding horizontal peak ground
acceleration (PGA) of 0.25g DBE
applied simultaneously with a
vertical PGA of % 0.17g.

Engineering evaluations and design
were dorie using UBC analysis methods
along with UBC Strength Allowables.
Connection evaluation and design
again accounted for an additional
load factor of 1.5. The second part
of the design process allowed
inelastic response and checked the
integrity of the Moderate Hazard
Seismic Category I items against
forces due to a DBE with a
horizontal PGA of 0.50g applied
simultaneously with a vertical PGA
of + 0.33. For this check, the item
was to remain functional during and
after the earthquake.

Non-Seismic Category I items were
designed using LLNL's No Hazard,
Standard Facility Criteria. An item
in a lower Safety Classification
must not cause failure of an item in
a higher Safety Classification.



Low and No~Hazard conventional
structures, systems, and caomponents
were designed to the following
guidelines:

1. Qne apnd Two-Story Buildiggs and
Strucitures Used current UBC
requirements with a more
conservative seismic base shear
coeffiLient of 0.25 (static).
Connection evaluation and design,
due to seismic forces, accounted for
an additional load factor of 1.5.

To assure that the building’'s
structural elements could reach
their maximum potential for
ductility.

Analysis procedures, design
procedures, and material strength
allowables met the requirements of
the latest edition of the UBC and
DOE Facilities General Design
Criteria.

2. Budldings and Structuyres
Greater Than Two Stories As a
minimum, buildings and structures
over two stories in height were
designed to meet the seismic design
requirements for 1) above.

Buildings and structures over two
stories in height were also
evaluated and designed using a
response spectra (Figure 3) with a
corresponding horizontal peak ground
acceleration (PGA) of 0.5g applied
simultaneously with a vertical PGA
of 10.33q.

Engineering evaluations and design
was accomplished by the use of
inelastic analysis methods combined
with inelastic stress alluwables,
Primary concern was to ens.
prevention of building coll .,
thereby allowing the build.
occupants to egress safely :.ollowing
an earthquake having major intensity
at the site. Major damage to the
structure (perhaps even non-
repairable) following this level of
design motion was permissible.
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3.

with significant Cross Axes Coupling
and/ar Torsional Response The
design of buildings and structures
placed within this category met the
requirements of 2) above.

2.2 Seismic Criterjia for
Building Upgrades

The engineering design approach used
for the seismic upgrade of existing
LLNL facilities was somewhat
different than the previously
defined criteria required for "new"
LLNL facilities. For the seismic
upgrade on No-Hazard (Conventional)
and Low-Hazard structures, the basic
premise of the LLNL seismic upgrade
criteria was to ensure "life safety"
in the event of a major earthquake.
That is, the building could endure
major structural and non-structural
damage, but no collapse. The
occupants should be able toc exit the
building without incurring loss of
life. 1In the case of Moderate/High
Hazard structures, systems, and
components the basic premise of the
LLNL seismic upgrade criteria was to
ensure both life safety and
fuactionality of the Seismic
Category 1 items. Seismic Category
I items must be able to perform
their required mission. Applicable
codes and standards were consulted
at the time of the upgrade.

The specific seismic upgrade
criteria used on the three major
building upgrades are discussed in
the following sections.

2.3 Major Upgrade of Building 311

Building 311 was originally designed
under the requirements of the 1961
Uniform Building Code (UBC) and
constructed during 1964 as a two-
story, cast-in-place reinforced
concrete structure with 37,000 ft.2
(3,437 m2] of gross floor space (see
Figure 4)., It is 95ft. {29m} by 190



ft. (57.9m] in plan and consists of
two levels plus a penthouse for
mechanical equipment located on the

roof. The cypical bay size is 23
ft. 9 in. {7.239m]) by 23 ft. 9 in.
[7.235m].

Building 311's primary lateral force
resisting system was a "non-ductile
moment resisting frame®™ founded on
drilled piers. The first floor is a
slabh-on-grade, and the second floor
and roof are framed with concrete
beams, girders, and infilled with
concrete pan joists. Building
columns are of reinforced concrete.
There are no column ties within the
Building columns other than in the
immediate vicinity of the ground,
second floor, and roof slabs. The
non-ductile frames were designed
using a uniform lateral force
distribution (1961 UBC) and a base
shear coefficient of 0.067. This
type of framing system has a history
of partial or total collapse in
moderate to strong carthquake
shocks. A significant difference
exists between today's current
seismic building codes for new
construction and the 1961 Uniform
Building Code. The 1979 and 1982
editions of the UBC would require
Building 311 to resist a non-
uniformly applied static earthquake
force witi. a base shear coefficient
of 0.094. The 1988 UBC and DOE
Order 6430.la would require a base
shear coefficient of 0.22 and 0.235,
respectively.

Building 311 suffered considerable
structural damage during the 1980
Livermore earthquake. This included
vertical column splitting, concrete
cracking, and cracking at the
beam/column joints. Within hours
following the earthquake, LLNL
structural investigation teams were
assembled and in the field.
Engineering consulting firms were
hired to review Building 311, (as
well as Building 113, and Building
111). A sign was posted at all
entrances and exits of Building 311
informing both visitors and building
occupants as to the inherent
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structural deficiencies (weaknesses)
with respect to the ability of the
building to safely resist earthquake
forces. With the installation of
temporary wood column shoring,
Building 311 was considered safe for
habitation while the Laboratory
proceeded with haste to complete
building repairs. Laboratory
personnel were allowed to re-occupy
the building during the remedial
crack repairs. Concrete cracks were
repaired by injecting high-strength
epoxy grout into the cracks, a
procedure that can effectively
restore earthquake damaged concrete
structures to nearly their full
design strength.

After the earthquake, the Laboratory
decided to upgrade the seismic
performance of Building 311 with
respect to both damage control and
life safety concerns. The seismic
upgrade criteria required; (1) the
use of 1979 UBC design allowables,
(2) a UBC base shear coefficient of
.25, (3) a connection static force
design multiplier (all connections)
of 1.5, and (4) no building collapse
at 0.50g peak ground acceleration
with design response spectra shown
in Figure 3.

The structural upgrade solution was
to construct and attach to the
existing building a series of
external two-story-high concrete
shear walls (buttresses) on three of
the four sides of Building 311, two
on the west end, two on the east
end, four on the south side, and
none on the north side, (see Figure
5). The concrete buttresses are
anchored to the ground using 3-ft.
[.914m) diameter by 40-ft. (12.192m]
long drilled concrete piers, four
piers per buttress. The buttresses
are attached to the second-floor
level of the building by rebar
welded to steel-channel drag struts.
These struts are, in turn, attached
to the underside of the second-floor
concrete beams by specially designed
steel bolts (see Figure 6). The
second~floor connectors use a
straight pattern of ten (10) custom-



made bolts spaced approximately 9
inches [22.86 cm] apart on center at
each buttress. These bolts have a
length of 16 inches [40.64 cm] with
an overall diameter of 3-3/4 inches
[9.53 cm] for that portion of the
bolt passing through the concrete
beam. The bolts are necked down at
each end to a 1-1/4 inch (3.18 cm)
diameter threaded portion for
bolting to the steel drag struts.
Buttresses are also attacued to the
concrete roof slab by the uge of
rebar embedded in the buttress and
welded to a steel plate drag strut,
which is, in turn, attached to the
top of the respective concrete roof
beam by 13 specially-made shear
connectors spaced approximately
seven inches on center (sec Figure
7.

A modification to the above design
provided high load capacity drag
strut connections commensurate with
the non-uniform load distribution
across the second floor drag strut
bolts and the roof shear connectors.
This was done since the first drag
strut connecting anchor, adjacent to
a buttress, must resist seismic
forces several times larger than the
last anchor furthest from a
buttress. Load distributions to the
anchors were determined by a series
of computer models of typical
buttress/drag strut configurations.
Design variables considered during
this process included: connector
strength at elastic and inelastic
levels, connector stiffness,
concrete bearing, tensile, shear,
and compressive stress levels, and
overall total connector system
stiffness (tension stiffness vs.
compression stiffness).

The structural upgrace costs of
Building 311 were apjp:oximately $1.5
million (in 1982 U.S. dollars).
Replacing the building would have
cost approximately $4.6 million (in
1982 U.s. dollars). The
coanstruction time for the structural
upgrade took about 10 months.
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2.4 Major Upgrade of Building 113

Building 113 is a five-story
reinforced concrete structure,
approximately 90 ft. [27.43 m)
square in plan dimensions (3 bays by
3 bays), containing about 42,000
ft.2 [3,902 m2] of office space (see
Figure 8). The building hasg a
partial basement and a 14-ft. [4.27
m) high steel-frame penthouse for
mechanical equipment located on the
roof. Each of the five stories is
13-ft. [3.96 m) high, and the
basement floor is 17-ft. ([5.18 m}
below the first floor level. The
pasement forms a passageway to the
adjoining computer center building.

The five-story structure is founded
on 24-in. [61 cm) diameter cast-in-
place reinforced concrete piles.

The building has reinforced concrete
waffle slabs supported on reinforced
concrete columns, spaced on 30-ft.
[9.14 m) centers each way, and a
core of reinforced concrete shear
walls located in the west half of
the structure. The shear walls
enclose two stair wells and elevator
shafts, and are arranged so that uthe
center of their rigidity fails close
to the geometric center of the
building. The center core of shear
walls were originally designed to
carry about 80% of the lateral
forces acting on the building, with
the remaining 20% being resisted by
the perimeter reinforced concrete
“non-ductile moment resisting
frames.”

Building 113 was designed in 1964 to
meet the requirements of the 1961
Uniform Building Code (UBC). The
original building design provided
for a lateral force base shear
coefficient of 0.057. The 1982
edition of the UBC would have
required Building 113 to resist a
statically applied lateral
earthquake force with a base shear
coefficient of 0.14. The 1988 UBC
and DOE Order 6430.la would require
a base shear coefficient of 0.183
and 0.196 respectively



The January 1980 earthquake caused
no damage to the building's columns
and moment frames, structural damage
was confined to the central-core
concrete shear walls. The walls
developed extensive diagonal tension
cracking and sliding shear cracking
along horizontal construction
joints, which also showed signs of
grinding or spalling. Cracking
occurred throughout the building,
but more extensively in the lower
stories.

Immediately following the 1980
earthquake, Building 113 was vacated
for approximately 3 days while a
structural evalvation of the
building was performed. It was
found to be safe to house it's
occupants. As the ground
acceleration of the January 1980
earthquake was estimated to be about
0.25g at the Laboratory site,
therefore, Buildings 113, 111, and
311 were subjected to earthquake
forces at least four times greater
than that provided for in the
original design. High-strength
epoxy grout was injected inta the
central-core shear wall cracks,
repairing them in the same manner as
was done for Building 311.

By February of 1981, the Laboratory
had begun the engineering effort to
structurally upgrade Building 113
and to increase it°'s earthquake
resistance with respect to life
safety. The Building 113 seismic
upgrade performance requirements
were as follows:

1. The building shall be capable
of resisting, with no collapse, a
0.5g horizontal peak ground
acceleration with LLNL's design
response spectra (Figure 3);

2. Extensive damage at this
earthquake level (0.59) is
acceptable provided that people can
sately exit the building; and

3. The new structural elements
required for preventing the collapse
of the building at 0.5g shall meet
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the design requirements of the
current UBC. In addition, major
connections shall include an
additional safety factor of 1.5.

Many different schemes for upgrading
the building's structure were
investigated. In the end, by
considering such factors as cost,
aesthetics, and disruption as being
equal, it was decided that the best
approach was to keep the majority of
the new construction on the outside
of the building. This would allow
the building to remain occupied
during reconstruction. The existing
foundation pile system was
considered to adequately meet the
life safety seismic criteria for the
upgrade, Therefore, the upgrade
scheme that was finally decided upon
used steel "K" braced frames
attached, both to the outside face
of the building perim-ier, and to
the existing foundation system (see
Figure 9).

The “"K" brace frame design was based
on the premise that the reinforced
concrete, center core shear walls
will absorb a lot of energy while
degrading during the specified 0.5g
no collapse earthquake. A damping
value of 10% was used in the dynamic
evalaation for the building’'s
integrated, composite "K" brace
frame computer model. A
conservative amount of building
period shift was allowed in the
dynamic solutjion to account for
softening of the structure with a
corresponding decrease in intensity
of seismic inertia forces.
Consideration was given for
secondary effects such as P-Delta
contributions. An upper bound of 4
was used for the global ductility of
the steel frame with special
considerations for each structural
element using Newmark-Hall type
procedures. The American Institute
of Steel Construction (AISC) design
procedures for plastic design of
steel members, along with
considerations for member
instability, were used in the design
process. The UBC static design



procedures, required for all new
structural elements, ihcluded a
braced frame load factor of 1.25
with no 1/3 increase allowed in
material allowables. The 0.5g life
safety design criteria controlled
over the UBC static design criteria
for the design of the structural
elements.

The "X" brace frames are made of
high-strength steel (Fy=50,000 psi
[3.515x10%kqg/cm2)) rectangular
tubular welded sections, with 3/4-
inch [1.91 cm] diameter Nelson stud
anchors welded to their backs (ser
Figure 10). The outside edges of
the building’'s concrete floor and
roof slabs were chipped back to
expose the reinforcing bars, and the
*K* frames were installed along the
outeide perimeter of the building by
attaching the Nelson studs to the
building-slab edges with high-
strength concrete grout. The “K*
frames were attached to each other
with welded steel plates, and to the
existing foundation system by
constructing new concrete grade
beams., “K" frames were placed in
all of the first and second story
outside building bays, but only in
the outside middle bays of the
third, fourth, and fifth stories,
thus forming an inverted “T"
configuration at each building face.

The new building frames were
designed to safely resist all of the
seismic forces acting on Building
113 as a result of a major
earthquake. Cost of the structural
upgrade was approximately $1.1
million (in 1982 U.S. dollars). It
is estimated that replacing the
building would have cost about $5.9
million (in 1982 U.S. dollars). The
construction time needed for doing
the structural portion of tue
upgrade was about nine months,

2.5 Major Upgrade of Building 111

Building 111 was designed in 1966,
constructed in the late 1960(s), in
accordance with the provisions of
the 1964 Uniform Building Code
(UBC). Building 111 is primarily
used as an office building. The
structure was constructed entirely
of reinforced concrete (RC) and
built in a cross-shape plan with
three seven-story wings, one five-~
story wing, and a central core area
containing elevators, stairs, air
conditioning duct shafts, and
utility conduits (see Figure 11).
There are two staircases in addition
to the ones located at the building
core. The first of these is an
integral part of the south end of
the north-south wing. The other was
originally designed to behave as an
independent, free-standing,
reinforced concrete (cantilever
beam) seven-story high stair tower,
immediately to the south of the
east-west wing. The story heights
(floor to floor) are 18 ft. 0 in.
[5.49 m) for the first story and 13
ft. 6 in. (4.11 m) for the upper
stories. The north-south wing is
212 ft. 6 in. [(64.77 m) long and 82
ft. 6 in. [25.15 m]} wide at the
first floor level. The east-west
wing is 120 ft. [36.58 m] long and
42 ft. [12.80 m) wide. The junction
of the two wings is approximately
1/3 the distance from the north end
of the north-south wing. The width
of the north-south wing reduces to
42 £ft. [12.80 m] at the second floor
and remains so at the upper floor
levels. The north end of the
building, beyond the east-west wing,
has only five floors. The building
is founded on cast-in-place
reinforced concrete piles 20 inches
{50.8 cm} in diameter embedded 44
ft. [(13.41 m] into the ground, and
contains 102,000 ft.2 {9,476 m?) of
gross floor space with a current
population of 323 occupants.

The "vertical load carrying system"
of the building is comprised of 4-
1/2 inch [{11.43 cm] thick RC roof

and floor slabs supported using 14
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in. [35.56 cm]) by 24 in. [60.96 cm)
deep RC beams spanning 40 ft, (12.19
m] between 14 in. [35.56 cm] by 24
in. [60.96 cm]. RC columns spaced
at 10 ft. {3.05 m) on center along
the outside perimeter of the
building wings. The exterior edges
of the flocr and roof slabs are
supported by 3 ft. 1 in. (.940 m)
deep by 10 in. [25.4 cm) thick pre-
cast concrete spandrel beams topped
by 14 in. [35.56 cm) deep by 17 in.
{43.18 cm) wide RC beams cast in
place with the floor slabs. These
RC beams are connected to the pre-
cast spandrels by vertical steel
dowels. The portions of the floor
and roof slabs in the building's
center core area, adjacent to the
interior stairs and eitevator shaft,
are supported by the RC walls
enclosing tre shafts.

The "lateral force resisting sv<tem"
as originally designed is comp _.seu
of (1) vertical RC shear walls at
the exterior ends of the soutn,
east, and west wings; (2) RC walls
enclosing the elevator, stair, and
duct shafts; (3) RC walls enclosing
portions of the five-story wing; and
(4) the transverse heam/column
frames spaced at 10 ft. [3.05 ]
center along each wing (see
“vertical load carrying system").

on

The original building design (1964
UBC) provided for a lateral force,
base shear coefficient of 0.057.
The 1982 edition of the UBC would
have required Building 111 to resist
a statically appli~d lateral
earthquake force with a base shear
coefficlient of 0.14. The 1988 UBC
and DOE Order 6430.1la would require
a base shear coefficient of 0.183
and 0.196, respectively.

As a result of the January 1980
earthquake, Building 111 suffered
diagonal tension cracking to the
central-cores' (RC) shear walls.
Cracking occurred to the RC floor
and roof slabs (diaphragms) in the
vicinity ¢f the buildings' center-
core and end-wing, shear walls. The
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transverse beam/column frames
suffered damage at the beam/column
joints, and the free-standing seven-
story high stair tower was found to
have swayed approximately 3 inches
{7.62 cm] in the north-south
direction, striking the building,
and causing minor damage. The
cendition of Building 111 was
investigated with respect to
continued habitation, found safe to
house its occupants, and crack
repairs commenced using epoxy grout
injection techniques. The outside
seven-story stair tower was closed-
off until a structural upgrade couid
be implemented.

By the Spring of 1981, engineering
studies identified the seismic
deficiencies found within Building
111. The list of major structural
ueficiencies, based on the original
design of Building 111, include the
following:

1. The foundation of the east wing
was not connected to the south wing.

2. The ends of the west wings have
solid multi-story concrete walls
terminating at a lower level on a
concrete frame and thus creating
"soft stories".

3. The seven-story cantilevered
stair tower is unsafe and should be
structurally upgraded.

4. The concrete shear wzll at the
end of the east wing has an offset
in it's vertical plane at the second
floor.

5. The steel reinforcement at the
beam/column joints is not laterally
confined and the anchorage and laps
of bars are inadequate. These
frames will only provide nominal
seismic resistance.

6. The building lacks adequate
shear wall strength capacity.

7. The roof and floor slab
diaphragm cord members lack adequate
reinforcement .



8. The connection of the diaphragm
collectors, cords, and tie elements
(scuth, east, and west wings) to the
bullding's center core is
inadequate.

9. The reinforcement anchorages
for the present spandrel beams is
not adequate.

The first three structural seismic
deficiencies of the above list have
been corrected. The stair tower is
now laterally supported at each
floor level and at the roof by
structural-steel tube connections to
Building 111. High-strength steel
bolts were used to connect the tubes
to the stair tower. Cinch anchors
and grouted steel bolts connect the
tubes to Building 111's peripheral
beams and columns (see Figure 12).
The second story window openings in
the concrete walls at the west end
of the west wing and the northeast
and northwest corners of the five-
story wing were filled with
reinforced concrete to provide
additional seismic resistance and
the elimination of the "soft
stories". Concrete grade beams have
been added at the first floor
breezeway (now enclosed) at the end
of the east wing adjacent to the
building core.

LLNL is presently in the process of
retrofitting the remaining Building
111 structural seismic deficiencies
at an approximate cost of $6.5
million ( in 1990 U.S. dollars).
is estimated that replacing the
building would have cost about §32
million [U.S. dollarsj. The
construction time required for the
building upgrade is 12 months.
Construction is currently scheduled
to be complete by January, 1991.

It

The Building 111 seismic upgrade

performance requirements, are as
follows:
1. The building shall be capable

of resisting, with no collapse, a
0.59 horizontal peak ground
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acceleration with the acceleration
response spectrum shown in Fiqure

13. (Note, this response spectrum
was based on the 1988 UBC spectrum
shape.)

2. Extensive damage at the
earthquake ground motion level
defined in (1) is acceptable
provided that people can safely exit
the building.

3. All new structural elements
required for preventing the collapse
shall meet the design requirements
of the current UBC. 1In addition,
brittle~-type connections shaill
include an additional safety factor
of 1.5.

4, Minimize disruption to the
building occupants during the
construction phase of the
strengthening process.

5. Maximize aesthetics for the
resulting construction while
minimizing total project cost.

A minimum of six solutions were
developed and considered in detail
with respect to the seismic upgrade
of Building 111. Considerations for
minimum disruption and project
costs, with the safety of building
occupants being equal for all
proposed solutions, again drove the
upgrade scheme to the outside of the
building, thus, allowing the
building to remain occupied during
tire implementation of the upgraae
solution.

Figure 14 in an artist rendering,
illustrating the Building 111
current upgrade. Two large
reinforced concrete (RC) towers will
be located at the exterior of the
building. One tower is located
adjacent to the east wirg on the
south side, and the other tower is
located adjacent to the south wing
of the east side. The two towers
rise froma 6 ft. 8 in. (2.03 m]
thick reinforced concrete mat
supported on thirty nine 36 inch
[91.44 cm) diameter drilled RC piers



extending 50 f£r. {15.24 m) to 66 ft.
{20.12 a) (depending on location)
below the new foundation mat.

Each RC tower is connected to the
adjacent building wing with channel
shaped steel collector members
installed on each side of three
£1loor beams starting on the third
floor to the roof. Each collector
member extends full width of the
office wings, is securely anchored
into the concrete tower, and is
bolted and bonded with epoxy grout
to the concrete floor or roof beam.
Construction of the collector
aembers will be accomplished by
removing the pracaat concrete panels
at four bays in each wing to permit
access. Plywood sheets will be laid
on top of the existing ceilings for
construction contractor personnel to
drill holes in the existing concrete
and install the collector members.
This means of construction will
permit uncleared construction
personnsl to perform the work
without: penetrating secured building
areas. Epoxy grout is injected
between the steel collector member
and the existing concrete beam along
with having a steel plate anchor at
the exterior end. The horizontal
collector tie beams are constructed
to transmit the collector member
forces into the concrete towers. A
few additional RC walls will be
conatructed internal to the building
to help in distributing shear
forces.

3.  CONCLUSIONS

The Lawrence Livermore National
Laboratory experienced considerable
damage as the result of the 1980
Livermore Earthquake. Subseguently,
a major study was undectaken and
completed in 1985 to quantify the
seismic hazard the Laboratory faces.
The design criteria used for new
facilities and upgrades (retrofits)
of existing facilities are
consistent with the results of this
study. Based on post-1980
inspection of Laboratory facilities,

by both independent consultants and
Laboratory staff, all buildings
requiring upgrade to assure “life
safety” have been identified. Three
major structural building upgrades
were involved: Building 311,
Building 113, and Building 111.
Upon completion of the Building 111
upgrade, currently under
construction, no further upgrades
are required or planned.
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L.L.N.L. SEISMIC DESIGN CRITERIA
NEW FACILITIES, 1980 TO MAY 1989

FACILITY USE SAFETY CLASSIFICATION

CLOHAZARD AND HO

LGOIV EITIQNAL

(1) 1 & 2 STORIES

V=025W

UBC ALLOWABLES
1.5 CONNECTION
FACTOR

(2) 2 STORIES OR
IRREGULAR

a) SAME AS (1)

b) 0.5g RESPONSE
SPECTRA
NO COLLAPSE
EVALUATION

ODERATE HAZARD

(1) CATEGORY |

a) 0.25g RESPONSE
SPECTRA

UBC ALLOWABLES

1.5 CONNECTION
FACTOR

b) 0.8g RESPONSE
SPECTRA
REMAIN
FUNCTIONAL

(2) NON-CATEGORY |

CASE-BY-CASE
(GO TO NO HAZARD
CRITERIA)
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HIGH HAZARD

(1) CATEGORY |

a) 0.5g RESPONSE
UBC ALLOWABLES
1.5 CONNECTION
FACTOR

b) 0.8g RESPONSE
SPECTRA
REMAIN
FUNCTIONAL

(2) NON-CATEGORY |

CASE-BY-CASE
(GO TO NO HAZARD
CRITERIA)
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Figure 1 Major earthquake fault zones which pose a seismic
hazard to LLNL.
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Figure 4 Building 311, as originally designed and
constructed.

Figure 5 Building 311, after major seismic upgrade showing
external buttresses.
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Figure 6 Building 311, Second floor drag-struct anchor
belts.

Figure 7 Building 311, Roof level drag-struct shear anchors.
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Figure 8 Building 113, as originally designed and
constructed.

Figure 9 Building 113, after major seismic upgrade showing
"K" brace frames.
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Figure 10 Building 113, "K" brace frames being lifted into
place.

rigure 11 Building 111, as originally designed and
constructed.
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Figure 12 Building 111, stair tower upgrade, lateral supports
are attached to each building floor level.
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Figure 14 Building 111, artist rendering of the completed
seismic upgrade (currently under construction)
showing the new external towers (buttresses).

165



Attenustion Characteristics of Ground Strains
Induced During Earthquake

Ken-ichl TOKIDA®®,

SUWARY

The appropriate estimation of ground
strains 1nduced during  earthquake is
indispensable for the sefsaic design of
burled 1ifellne facilities such as pipelline
systeas,

The ground strains induced during

earthquake are estimated with use of the dense
instrument array data obtajned at the Public
Works Research Institute during past 78
earthquakes, and the espirfcal foramulae of
attenuation of saximuam ground strains in terms
of ecarthquake wmagnitude and epicentral
distance are proposed.

KEY WORDS : Array Observatlion Systeam, Ground
Strain, Attenuvation Characteristics

1. INTRODUCTION

It Is well recognized that
behavior of 1lifeline facilities such as
tubular plping systems embedded in ground
essentially depends on the dynamic response of
subsurface grounds. The seisaic deformation
method, which considers ground sirains induced
durlng earthquakes as selsmic effects Instead
of inertia forces, was developed and is now In
practical use for seismic design of extended
structures embedded in ground {1]. Although
investigations on actual ground strains
induced during earthquake are essential to
assess appropriate selsmic effects to be
considered in the seismic deformation method,
few studies have been conducted, mostly due to
the lack of measured data (2].

This paper presents analysis the
ground strains with use of the dense
ingtrument array data obtained at the Public
Works Research Institute (PWRI) during past 78
earthquakes. The empirical formulae of
attenuation of maximum ground strains in terems
of earthguake magnitude and eplicentral
distance are proposed by multiple regression
analysis.

dynamic

on

. R ATION AT P¥RI SITE |3

Theare are tow local laboratory arrays
called Field-A &nd Field-B in PWRI campus, as

Ly
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and Koh AIZAWA®®

shown in Fig.1. Subsurface geologlical
condition around tre PWR1 Is almost uniform,
f.e. diluvial sand’ and silty deposits with
approximate thickness of SO m rest on gravel
formations. Shear wave veloclty of the upper
and lower diluvial deposite {s approximately
250 m/s and 400 m/s, respectively.

Fig.2 shows the fnstrumentatjon at
Fleld-A and Fleld-B. 13 threc-components
accelerometers are installed at Ffeld-A, that
1s 3 on the ground surface, 5 at the depth of
2 m and 5 at the depth of about 50 m, along a
cross shaped configuration with each leangth of
100 a. 6 three-components accelerometers are
instaiicd at Fileld-B, that is, 1 at the depth
of 2 &, 4 at the depth of 50 m and 1 at the
depth«96 =, along a L shaped conflguration
with the length of 100 m» and 50 m. The
directfon of the cross conflguration as well
as the direction of the sensors §s orjented
along north-sauth and east-west directlons.

Signals from 19 accelerometers at bhoth
Fleld-A and Fileld-B are simultancously
transmitted by cable to the central processing
room, where the signals are digitized with a
time Iinterval of 1/100 second by 12 bits AD
converters. The observation was siarted fin
July, 1979.

3. CALCULATION RETHOD OF GROUND STRALN:

A tetrahedron consisting of 4 obscvation
points(i, j, m and p) as shown In Fig.3 is
considered to calculate ground stralns.
According to a standard three dimensional
finite element analysis procedure [4), the
ground displacement wu{t}, v(t) and wit) In
x(East-West), y(North-South) and z(Up-Down)
directions, respectively, in the tetrahedron
are assumed to be linear as

Uft)=a1vaz X+ aa ytaaz
vit)=a gt e Xtar ytae 2
w{tl=apta 10X* @ 1Y+ a 122

(1)

*1 Wead, Ground Vibration Division. Earthquake
Disaster Prevention Department, Public Works
Research Institute, Ministry of Construction.
¢2 Senior Research Englneer, ditto.

#3 Research Englneer, ditto.



In which a ((i=1 ~ 12) represent constants.
Deternfining a : by prescribing coordinates of
the four observation points {. §., m and p,
EQ.(1) can be written In the form

u(t) N u(t) ui(t) umlt) up(t)
IV(t)]- W vi(t) vi(t) valt) valt)}} - H
wit) wi(t) wy(t) wn(t) we(t)
(2)

acehixec ysd 2

a +b,xsc,y+d, 2

AmtbmX¢ Cry*dm2

aptbpxscpyrdez

where

i, ¥, Zw (k=f, §. m, p): coordinates of
k-th observation point

ue(t), wviel(t), welt) (k=1, §, =, p):
ground displacement at K-th observation point

Xy ¥s 7, 1y, z,
a:= X Yo lml bi= -1 ¥Ym Zm
o Yo Zp 1 ¥yo 20

3)
Xy 1 2 Xs ¥ 1
Ci* -}Kkm 1 zml dis - |Xm ¥m 1
Xs 1 2, Xp Yo 1

Other constants a,, bw., c., and d. (K=},
m, p) can be obtained bychanging the subscript
fn the order of J, m and p.

Xt ¥ 2

1
V= } X ¥Ys Zs (4)
1

Km Ym Zm
Ko Yo Zp

Representing ground strains as,

& x
£ v
{e)={°"
T nyv
7 ve
T ox

(5)
du/ dx
av/ady
dw/ dz
du/dy+av/dx
dv/dz+dw/ Ay
ow/ 3dx+3u/dz

substitution of Eq.(2) Into Eq.(5) gives

1
{e }=§VIB|(6 }

- a8y, By, B, Bal(8) (6)
where
b D O
0 cx 0
0 0d«
[Bw]= cx by 0 (k=1, J, m, p) (N
0 dw Cn
dw 0 bk
-2
I
{8)= & m (8)
o
Un |
{8 ) {1V {k=1, J. m, p) {9)
Wi

It should be noted here that the ground
strains { ¢ } cstimated by Eq.(5) represent
the average ground strains in a tetrahedron.

4. CALCULATION OF GROUND STRAINS DURING
E AKE

The array data have been obtained at PWRI
site during past 100 earthquakes belween 1979
and 1989 as shown In Table 1. Among thouse
dats, the data obtained during 78 earthquakcs
with the Japan Meteorological Agency (JMA)
nagnitude of 4.0 or grcater are used for th!s
analysis.

Fig.4 shows acceleration time histories
recorded at A2CO(GL-2m} and A46CO{GlL=-46m)
during the earthquake of February 27, 1983
{FQ-28), with a JMA magnitude of 6.0 and an
epicentral 1istance to the slte of 22km. The
amplification ratfo of waximum accclcration
A2C0/A46C0 18 2.0 and 2.6 for N-S componcnt
and E-W component. respectively.

Fig. 5 shows displacement time histories
of the ground for EQ-28, which are calculated
by the double Integration of acceleratfon
records. Acceleration records are Integrated
frequency domain with the lower and higher
cut-off frequency of 0.2 Hz and 20 Hz. The
asplification ratio of maximum dlsplacement
A2C0/A46C0 is 1.4 and 2.0 for N-S and E-W
component, respectively.

8 tetrahedrons are formulated Lo
calculate ground strains at Fleld-A as shown
in Fig. 6(a) and 6(b), that Is 4 upper-side
tetrahedrons for calculating upper ievel
ground strains and 4 lower-sfide ones for lower
level ground strains. 2 tetrahedrons are



considered to calculate lower level ground
strains at Field-B as shown in Fig. &é(c).

Fig. 7(a) and (b) show time histories of
the upper and lower level ground strains at
Fileld-A calculated for EQ-28, respectively. As
seen from Flg. 7, the maximum value of upper
level normal ground strains (s x, s ) Is
(100~ 200) x 10™° and is larger than that of
the lower level normal ground strains, shich
1s about 50> 10~®. The maximum value of upper
level shear ground strain (7 »v) 1is about 100
x 107® and is lager than that of lower level
shear ground strain, which is about 50 x 107®.

§._ATTENUATION CHARACTERISTICS OF GROUND
STRAINS

It 13 very important to estimate seismic
effect properly Iin the practical design of
struciures. Up to the present, not a few
attenuation equations of peak ground motions
(acceleration, velocity and displacment) have
been proposed and they are applied to the
seisaic design of structures.

In the past analyses on attenuation
characteristics of maximum ground motions and
absolute acceleration response spectra, based
on accelerograph records, the following
empirical foraula is often used as a practical
formula [5]).

X = ax10®™x (4+40)° (10)
where
X : Maximum acceleration, velocity and
displacement / absolute
acceleration response spectral
amplitude
M : Magnitude of earthquake

4 : Epicentral distance [km)

: Constant to adjust X for ssall
epicenta] distance

a, b, ¢ : Coefficlents

The attenuation characterfstics of ground
strains on the horizontal plane ¢ ., ¢, and
7 xv.» Which are important to be considered in
the seismic design of underground stractures,
are discussed in this analysis. Since the peak
values of the ground strains are different
among the tetrahedrons, the average of the
peak ground strains over the 4 (Field-A) or 2
(Field-B) tetrahedrons 1is defined as the
maximum ground strains. Furthermore, larger
value of e » ande , is defined as the maximm
noimal strain ¢ .

The same expression with Eq.(10)
assumed to represent the

is
attenuation
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characteristics of maximum ground strains.
Ao in Eq.(10) 1s assumed to be 30 km. The

empirical formulae of maximum ground strains
are written as
;} . ax 10%x (4 +30)C (11)

where
e : Maximum normal strain
7 : Maximum shear strain

Table 2 shows the coefficieris a. b and c
obtained by multiple regression analysis. Froa
Table 2, the attenuation formulae of the
maximum ground strains are obtalned as

Upper Level ground strains at Fleld-aA:

e =1.237T x 10% 9™ ( 4:30)79 74 x 107
7 =0.894 X 10° 3™ (4430}~ 774 x 107

Lower Level ground strains at Field-A:

¢ =1.285 x 10° %™ x (4 +30)°-3"°x j0°®
7 «1.549 x 10°- TOBM 3 ( 4 430)7> *'® x 107°

Lower Level ground strains at Fleld-B:

e =1.506 x 109 3% (4 +30)""- 2P 10~°
7 =4.860 x 100 M'2M (4 +30)"0- 898, j0®
(12)

Fig.8 shows the attenuation of maximum
ground strains ¢ and 7 calculated by Eq.(5)
for each event, comparing with predicted value
by Eq.(12). The followings are pointed out
from Fig.8.

1) The maxisum normal upper level ground
strains and lower level ground strains at
Fleld-A are distributed in the range from
§x 107 to 200x 107 and from 4 x 10 to
60 X 10™°, respectively. The maximum shear
strains are distributed in the range from
5% 107 to 350x 10™® and from 4 x 10~° to
100 x 10™° for the upper level ground
straine and lower level ground strains,
respectively. The maximum normal and shear
lower level ground strains at Field-B are
distributed in the range from 3 x 10°° to
70 x 10°® and from 6 x 107® to 100 x 107°®,
respectively.

The maximum shear ground strain is larger
than the wmaximum normal ground strain
calculated from the array data and the
upper level ground strain {s larger than
the lower level ground strain.

According to the empirical attenuation
equations of ground strain at Fleld-A, the
coefficient b, which represents the effect

2)



of earthquake magnitude on the maximum
ground strains, of the upper level ground
strains is larger than that of the lower
level ground strains. The coefficient ¢,
which represents the effect of epicentral
distance on the maximuam ground strains, of
the upper level ground strains i{s swmaller
than that of the lower level ground stains.
Those facts indicate that the upper level
ground stralns are more sensitive to
earthquake magnitude and atteruation rate
of the upper level ground stralns with
epicentral distance is larger, as compared
with the lower level ground strains.
Comparing the empirical formulae of
attenuation of the lower level ground
strains for Field-A with that for Field-B,
the coefficient b is almost same, and the
coefticient c for Fleld-A is a little lager
than that for Field-B.

Compared with the cocfficient ¢ of the
attenuatlon equations of maximum ground
accelerations based on SMAC accelerograms,
which is -1.2 to -1.3 [5], the coefficient
c for maxisum ground strains is larger.

3)

4)

This means that attenuation of maximum
ground strains with epicentral distance is
smaller than that of wmaxisum ground
accelerations.
6. CORCLUSION
The ground stralins induced during

earthquakes were evaluated by a finite element
nethod, with use of the dense Instrument array
data obtained at the Public Works Research
Institute. The empirical forsulae of
attenuation equation of maximum ground strains
(Eq.(12)) were presented by multiple
regression analysis based on the array data of
78 earthquakes.
The result of this study might be
regarded as basic Information for assessing
vhe ground stralns during earthquakes,
however, It should be noted that those results
were derived from the data recorded by
relatively small ground motions. The
accumulation of strong motlon records and
further investigations should be encouraged.
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Table 1

Farthquakes Obscved at PPRI (contlimucd)

Figure 1
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local Laboratory Array at POR1
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Table 2 Coefficientls of Atlcnuation Equation
Coclficlent Correlattfon | Standard{ Number
Fleld Scraln a b c Coefficient Error of Data
Upper level [ 1.2371 0.493]-0.741 0.829 Q.208 65
A Ground Strain | v | 0.894] 0.548 ] -0.774 0.856 0.210 65
Lower level e 1.285 0.309 ] -0.370 0.708 0.213 T4
Ground Straln { 7 1.549] 0.293] -0.319 0.699 0.212 16
B Lower Level [ 1.506 | 0.358 | -0.569 0.736 0.197 66
Ground Straln | 7 4.860 ] 0.312] -0.596 0.690 0.190 53
Attenuation Equation : :}-nx 10"™x (g +30)°x 10"
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Dynamic Centrifugal Model Tests of Embanianents
on Liquefiable Grounds

BY

Yasuyuki Koga' and Jun-ichi Koseki®

Model tests wsing B geotechnical dynamic
ceatrifuge wers performed to ostudy a seismic
behavior of embaakménts on liguefisble grounds.
Etfects of a scale factor and a seismic history
were Investigated. Tests on a shape of the
enbankment or a thickaess of the grouwnd vere also
conducted.

KEY._VORDS: Embankment, Geotechnical Centrifuge,

Liquetaction
1. INTRORUCTION
Liquefaction of a sandy ground causes a

settlement o©0f an embankment founded on the
ground. A lot of model Lests have been executed
to reveal the ssismic dehavior of the embankment,
but few of them have beea done under a high
confining stress.

A centrifugal model test is a test method which
can simulate the same stress condition !n a
scaled model ground as in an actual ground. It
has been applied to a dynamic problem using an
carthquake sisulator’’ ™™,

This paper deals vith dynamic centrifugal model

tests of a horizontal sand layer and an
embankment on the layer.
2.JBST_PROCEDURE

Fig.l shows a cross section of test models.

They are classified into horizontal layer madels
and esbankment models. An effect of a scale
factor was investigated using 30g models and 5)¢
wodels. The modsl dimensions vere determined for
both models so that & prototype size in a 1y
field may almost coincide with each other. A
shape of the embankment and a thickness of the
sand layer were changed in models 1-1 and 1-2.

A sand layer vas prepared by pouring Toyoura
sand through air in a rigid soll container. The
surface of the layer was rounded in accordance
wvith a rotational radius. In the embankment
models a colored sand mesh vas drawn to obssrve
the deformaticn eof the sand layer through a
transparent front glass vf the container.

After setting the container in a vacuum box the
sand layer vas saturated with silicone 0il which
is 30 times as vistous as vater for the 3¢y
models and 50 times for the 50g wodels. An
embankment vas made of a mixture of Toyoura sand
and a clay-sand which has & ratio of 4:1 in
weight and & water content of 15x. Fig.2 shows a
location of transducers.
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A sinusoidal shaking wvas conducted after
applying a centrifugal acceleration. It was
repeated several times increasing an ampljtude. A
summary of the test cases and the test conditions
are shown in Table 1. A protoiype wave frequency
in the 1g field vas 28z for both the 30p models
and the 50¢ wmodels. An effect of a seismic
history vas investigated by comparing the results
obtained in the first shaking steps with those
obtained after them.

3. EFFECT OF SCALE FACTOR

3.1 Comparison of Time Histories

Fig.3 shows wmeasured data of
layer models, and Fig.4 shows those of the
esbankment models. Time axes in the figures are
controlled to have the same prototype length in
the 1g field for the 307 model and the 50g model.
In Tig.6 and Fig.6 the time axes are shortened to
show changes after the shaking.

There were qualitative agreements between the
result of the 30g models and that of the 50g
models as follows:

(1) An increage¢ of an exXcess pore pressure
proceeded faster in a shallov part ot the
horizontal sand layer than in a deep part, and a
rapid change of a responce acceieration occured
earlier in the shaliow part. There wvas aimost no
acceleration responce after the liguefaction. The
excess pore pressure dissipated faster in the
deep part.

(2) A change of an excess pore pressure bencath
the embankment (P¢ in the embankment model) was
small during the shaking, but it increased after
the shaking. An excess pore pressure dissipated
faster below the embankment (P6) than in the side
layer (P3) of the same depth.

(3) The rapid change of a responce acceleration
did not occur in or below the embankment (A4 and
A6) while it occured in the side layer (A2).

(4) A crest settlement of the embankment started
as the excess pore pressure increased. It
proceeded at a nearly coastant rate during the
shaking, but it stopped afier the shaking.

The dissipation of the excess pore pressure
finished in about Ssecond in the 30g models, and
it did in about 3second in the 50p models. The
duration for both wmodels wvas equivalent to
150second in the lg field. It increased as the
excess pore pressure generated fast.

the horizontal
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In this test the viscosity of the silicone oil
used as & pore fluid of & sand vas determined
assuming that it is in inverse proportion to am
appareat permeadility of the sasnd althewgh
Inatoni et al.™ showed experimentially that it (s
not so. Within the limits of this teat it may
vell be adequste to use the simple assumption,
because the duration of the dissipation was
almost equivaleat.

3.2 Resistance agginst Liquefection

Fig.7 shows the relationshiy betwsen the input
acceleration asd the nusber of cycles umtil the
rapid change of the response acceleration (A4 to
A6) due to the liquefaction in the first shaking
steps of the horizontal layver models. Fig.8s shows
one tetween the input acceleration and the number
of cycles until the excess pore pressure reaches
a limiting value which is maintained during the
liquetaction. The input acceleration is converted
into a prototype value in the lg field to compare
the result of the 30g models wvith that of the 50g
models.

It is seen from the figures that the resistance
of the sand layer agaimst s liquefaction wvas
lower in the 50g models than in the 30¢ nodels.
Although the reason is not known yet, it is
possible that a change of a frictional resistance
at a contact point of the sand particles may have
reduced the resistance of the sand in an
undrained condition as the viscosity of the
silicone oil increased.

3.3

Fig.9 shows the relationship between the imput
acceleration and the induced crest settlement of
the embankment in the first shaking steps of the
embankment modeis. Both values are converted into
prototype ones in the 1l field. The prototype
settiement was larger in the 50g sodels tham in
the 30g wmodels if the protolype input
acceleration was the same. It is estimated that
the differeace is caused by the change of the
resistance against the liquefaction, 8o the
effect is investigated as follows:
(1) Fig.10 shows the relationship betwesen the
prototype input acceleration and the number of
cycles until the responce acceleration in the
side layer (A2) changes rapidly due to the
liquefaction. The 50g models had o lawer
resistance against the liquefaction than the 30g
models os is seen in the Fig.7.
(2) Fig.1l shows the relationship between the
prototype crest settiement and the number of
cycles used in the Fig.10. There was almost no
difference between the 309 wmodels and the 50g
models. This number of cycies can be assumed to
represent the resistance of the whole layer
against the liquefaction, then it is estimated
that the prototype crest settlesent in the 50g
models may be almost the same as in the 30y
models if they have the same resistamce against

the liquefactien.

(3) A prototype crest settiement in several
shaking steps with a seismic history is compared
between the 30 wmodels and the 507 models in
Fig.12, and the number of cycles defined as in
the Fig.10 is compared in Fig.13. Both the
induced settiement and the accumulated settlement
were larger in the 50g models than in the 30¢
models, and the 50g models had a Jover resistance
agrinst the liquefaction. The results agree vith
those obtained in the first shaking steps.

4.EFFECT OF SEISNIC HISTORY

The effect of a seismic history was
investigated on the result obtained in the six
cases 0of model 63-1. The shaking amplitude was
changed in the first step of each case, and it
was increased gradually in the following steps.

4.1

Fiz.14 shovs the relationship between an imput
acceleration and an induced or accumulated crest
settlement. The induced settiement in the first
step of each case without the seismic history was
larger than the one in the following steps of
cases 63-1-2 and 63-1-3 vith the seismic history,
and it was smaller than the accumulated
settiement of the pre-shaken cases.

The difference in the accumulated setielement
was saall between these cases, therefore the case
63-1-2 is used as & representative case vith the
seismic history in the folloving comparisons.

4.2

Fig.15 shovs the relationship between the input
acceleration and a maximum excess pore pressure
ratio at a depth of 10ce (P2 and P5). An initial
effective vertical stress is calculated
one-dimensionally using a measured unit weight of
the sand layer and the embankment.

With or without the seismic history the ratio
in the side layer (P2) was neariy 1.0 when the
Input acceleration was about 4g, dut the ratio
wags higher with the seisaic history wvhen the
input acceleration was more than 79. Below the
embankment (P5) the ratio was higher with the
seisnic history than without it over a uhole
range of the input acceleration.

It is considered that with the seismic history
a densification of the sand layer due to &
reconsolidation after the liguefaction -educes
the generation of the excess pore pressure, and
the rate of the densificalion seems to be larger
belov the embankment than in the side layer.

4.3 Besvonse Acceleration

Fig.18 shovs a relstionship between the imput
acceleration and a ratio of a maximsum response
acceleration to the input one. With or vithout
the seimic history the ratio was almost the same
in the side layer (A2). Below the embankment (A6)
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it was higher with the seismic history wvhea the
input acceleration was more than 7s. In the
enbankment (A4) the ratio increased as the input
acceleration incressed vith the seiswmic history,
and it decreased vithout the seismie history.

These results agree with the consideration that
the effect of the densification due to the seimic
history is higher belov the esbankment thaa in
the side layer. The differeace in the {nduced
crest settlement between the virgin cases and the
pre-shaken cases may be caused by both the
disification and the residual deformation of the
pre-shakea cases.

§ EFFBECT OF EMBANKMENT SWAPE AND SAND LAYER
THICKNESS

§.1 Crest Settiepent

A crest settlement induced in the first steps
is compared between models 63-1, 1-1 and 1-2 in
Fig.17. There was not a distinct difference, but
the settlement was larger in models 1-1 and 1-2
thas in model 63-1 when the input acceleration
vas about 5p.

Generally it is estimated that the thinner sand
layer in wmodel 1-1 may resuit in the smaller
settlement than in modei 63-1, and that the
larger esLankment in model 1-2 may result in the
larger settlement thas in mode]l 63-1. Altouogh
the reason for the disagreement of the test
rasults vith the estimation is not known yet, it
is possible that a small change in the wmodel
preparation may have caused variations in the
characteristics of the models such az the density
and the saturation degree of the sand layer which
affected the test results. Further investigations
are needed to evaluate the effect of these
variations, and a careful preparation of the
mode! with a high repeatability is necessary.

§.2 Deforpation of Sand Laver

Fig.18 shows an observed deformation cf models
631, 1-1 and 1-2. A settiement of the embankment
accompanied with a lateral deformation of the
sand layer and a settiement of the layer below
the embankment. The lateral deformation was
larger in a shallow part of the layer, and it vas
restrained by a bottom plate of the container.
The settlement of the layer may have been caused
by both the lateral deformation and the
reconsolidation after the liquefaction. There
could not be seen a distinct difference among the
three models.

6 CONCLUSIONS

The result of dynamic centrifugal tests
performed using horizontal layer models and
embankment models vith a cenirifugal acceleration
of 30g or 50g is summarized s follows:

{1) A comparison of the measu.ed data of the 30p
models and the 50y wodels showed thaut there wvere

several gualitative agreements between them on a
dynawic response characteristics. A Jower
resistance against a liquefaction in the 50¢
sodels resulted in a larger prototype crest
scttiement, and it may have been caused by the
change of a viscosity of a silicone 0il used as a
pore fluid. It is estimated that the prototype
crest settliement in the 509 modeis may be almost
the zsame as in the 30g models (f they have the
same resistance against the liquefaction.

(2) To investigate the effect of a seismic
history a comparison was msde between the results
obtained in the first shaking steps of the
embankment model!s and those obtained (n the
folloving steps. The effect on the excess pore
pressure and the response acceleration was larger
in or below the embankment than in the side
layer. it is considered ‘hat the rate of a
densification of the sand layer due to a
reconsol idation after the liquefaction is larger
below the embankment than in the side layer. A
smaller induced crest settiement with the seismic
history was obtained, and it may have been caused
by both the densification and the residual
deformation.

(3) The test result did not clarify the effect of
a shape of an embankment and a thickness of a
sand layer on the crest settlement. The
settiement of the embankment accompanied with a
lateral deformation of the sand layer and a
settiement of the layer below the embankment
irrespective of the shape or the thickness.
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Table 1 Test Cases and Conditions

Centrifugsl Input Sinu- Iaput Acec. (g) Dr of Sand

Nodel | Case | 4ee. (9 soidal Vave [ 1st | 2nd | 3rd | 4th | 5th | 6th | Layer (%)
$3-1-1 1.2 — N
$3-1-2 2.5 4.1 [5.2 ]7.3 |e7 |12.7 .
83-1-3 3.7 [5.8 |7.1 |83 |12.5 .
§3-1 $3-1-4 30 60Hz,20cycle 5.5 .
43-1-5 7.3 .
83-1-6 9.0 .
1-1-1 3.4 [ 4.9 6.3 8.0 sl
1-1 1-1-2 30 60Hz,20¢cycle o9 l6.2 |ls.o 62
_ 1-2-1 3.0 6.9 7.0 8.8 64
122 | .02 30 SoHz,20cycle 1o 6.7 | 8.5 70
1-3-1 2.3 [3.3 [ 4.6 [5.6 64
1-3 1-3-2 30 60Hz, 50cycle 3.4 | 4.3 |8.2 61
1-3-3 4.5 | 5.6 59
1-4-1 4.0 | 6.9 | 7.0 | 8.4 64
1-4 | 1-¢-2 50 100Hz,50cycle | 4.8 | 6.4 | 7.8 61
1-4-3 2.6 | 3.8 64
1-5-3 7.0 | 10.3] 14.0( 161 52
16 1 1-5-4 50 100Hz,20cycle | g 4 | 9.2 | 11.7]13.9 60

+ The relative density of the sand layer for model 63-1 is not known due to mismeasurement.
It is assumed to be almost the same as others, because the sand layer was prepared in the
sSabe way.

0: Accelerometer (Norizontal)
D: Accelerometer (Vertical)
O: pore Pressure Traneducer

l: Displacement Transducer
R: Rotational Radius

Unit:mm

O —

gr e
(1) Nodel 831 (5) Model 1-4 §s
R £
RT fn.s f 9r jak)
- J. sl E ]
0
(2) Model 1-1
6) Model 1-§
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Fig.1 Test Models
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Seismic Resistance Requirements of Roller Compacted Dams

Alan T. Richardson'

ABSTRACT

Seismic analysis of the U.S. Bureau of
Reclamation’s {Reclamation) Upper Stillwater
Oam is explained as an example of a design
method used for evaluation of an RCC dam’s
seismic rasistance. Materfal strength
properties were evaluated by laboratory and
field testing. Testing evaluated the weakest
1ink in an RCC structure, the joint between
1ifts. Computer code EADHI was used to
analyze finite element cross-sectional 'models
of the dam for static and dynamic loads. The
maximum credible earthquake (MCE) was scaled
by spectrum intensity to determine the site
response spectrum. Synthetic accelerojrams
were generated for hurizonta) and vertical
ground motions from the site response
spectrua.

Maximum tensile and compressive stresses were
determined from the dynamic analysis.
Compressive stresses were well below
acceptanle limits for the RCC. Tensile
stresses on the upstream face exceeded the
allowable strength of the RCC for 0.10
seconds, indicating cracking of the concrete
could occur.

1. INTRODUCTION

Roller compacted concrete (RCC) or a roller
compacted dam (RCD), are terms which refer to
a construction method for placing mass
concrete with large equipment normally used
for hauling rock or soil, and compacting the
material in place with large vibrating
rollers. Time and cost savings achieved by
this procedure make it a preferred
construction method for concrete dams.
Seismic resistance of a dam for a given
seismic acceleration depends primarily on the
dam’s shape, material strength and the stress
state existing in the dam. The dam’s shape
is typically determined by an economic
analysis of structurally stable cross
sections based on static loads, with shape
considerations given for dams located in
areas of higher seismicity. Specific
material properties for a dam are determined
by standard laboratory testing and adjusted
for dynamic loads by applying empirically
determined factors based on rapid strain rate
testing. For RCC dams, material properties

by
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testing also requires careful evaluation of
the bond strength to be developed between
1ift lines, since bond strength generally
controls the dam’s ability to resist vertical
tensile stresses. The stress state existing
in the dam prior to the dynamic analysis is
deternined by analysis of static Toads on the
dam. Oynamic analysis 1s then used to
?eternine the dam’s response to seismic

oads.

Upper Stillwater Dam was designed in 1982 by
Reclamation., Its design is used here to
demonstrate the analysis and evaluation
process needed to determine an RCC dam'’s
seismic resistance. Upper Stillwater Dam
(figure 1), located in the state of Utah at
an elevation of 8,000 feet, was constructed
between 1983 and 1987. It has a crest length
of 2,700 feet, a maximum structural height of
285 feet and contains a total of 1,600,000
cubic yards of concrete, 90 percent of this
total is RCC. Construction was by placing
and compacting 1-foot (30 cm) thick 1ifts
between the abutments until the total height
of the dam was placed. Both faces of the dam
were formed by continuous horizontal
slipforming of very low slump conventional
concrete. Contraction joints were formed
naturally as the dam cooled. The selected
dam’'s cross section minimized the concrete
volume while providing the required stability
safety factors for static loads. It was then
analyzed to determine its ability to resist
seismic loads. The dynamic analysis of Upper
Stillwater Dam was conducted using the finite
element program EADH1 [A]. In this program,
the complete system is considered as composed
of two substructures, the dam represented as
a finite element system, and the water in the
reservoir treated as a continuum of infinite
length in the upstream direction governed by
the wave equation. Compressibility of the
water is included in the analysis. EADHI is
a two-dimensional program including both
torizontal and vertical componenis of ground
motion. The program uses an isoparametric

! Principal Designer,
U.S. Buresu of Reclamation,
Denver, Coiorado 80225

2 Technical Specialist,
U.S. Bureau of Reclamation,
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quadrilateral element. The material behavior
is assumed to be linearly elastic.

2. MAIERIAL PROPERTIES

Reclamation’s concrete laboratory conducted
an extensive testing program to determine the
material properties of RCC [B]. This program
included standard structural properties
tasting of laboratory cylinders and core from
a test placesent constructed in 1981 at the
dam site. Structural testing emphasized the
tensile capacity of the joint created between
layers of the RCC. Direct tensile tests were
conducted on jointed cylinders and at the
Joint between 1ifts in cores.

Dynamic properties were not obtained in the
Taboratory, so static values were increased
proportionally according to percentages
reported by others [C). The static
compressive strengths of the concrete were
increased 20 percent to account for rapid
loading effects. This assumption resulted in
ultimate dynamic compressive strength of
3,600 1b/in? for RCC. The static tensile
strength was increased 60 percent to account
for rapid loading effects. In addition, the
tensile strengths were increased 20 percent
to account for nonlinear behavior of the
concrete. The analytical models used assume
the concrete to be elastic when actually it
bshaves nonlinearly at failure. Since the
stresses computed are therefore artificially
high, the assumed tensile strength should be
increased accordingly. The ultimate dynamic
tensile strength for RCC resulting from these
assumptions was 350 1b/in?. The dynamic
modulus of elasti-city for all concrete was
assumed to be 2.5 (10%) 1b/in?, which is 67
percent greater than the static value. This
increase is documented by laboratory tests
performed by others [C]. The dynamic modulus
of deformition of the foundation rock was
assumed to be 1.25 (10%) 1bs/in2. This value
was based on analytical studies of modulus of
1.0 (10%) 1b/in? to be similar to results
from studies with several materials in the
foundation. Increasing the modulus for
dynamic loading resulted in a value of

1.25 (10%) 1b/in2.

In addition to material properties, the
dynamic analyses required a visccus damping
constant. Several experimental shaking tests
on models and prototypes of concirute dams
have indicated values ranging from 2 to

10 parcent [D]. The smaller damping values
were associated with very low levels of
excitation. For earthquake-type vibrations,
a value of 10 percent is more representa-
tive. For the dynamic analyses of Upper
Sti)iwater Dam, damping was assumed to be
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10 percent of critical.
3. INPUT GROUND MOTIONS

In the Reclamation process, two steps are
necessary in selecting the seismic loadings
to which a dam may be subjected. The first
step s to define the magnitudes and
locations of the hypothetical earthquakes
which could affect the site. The second step
is to determine the response spectra and
select accelerograms representative of the
resulting rock motions.

The earthquake magnitudes and locations
estimated for the Upper Stillwater site are
listed in the following table.

_Richter magnitude

Epicentral Focal

6.0 5.2 4.3 2 km 7 km

The dam was analyzed only for the maximum
credible earthquake (MCE) since it would
cover the 100- and 25-year events.

Ground motions for use in dynamic analyses
were determined as follows: First,
historfcal records with magnitudes and
locations similar to the MCE were scaled
using spectrum intensity. Spectrum intensity
is defined as the area under a velocity
response spectrum between 0.1 and 2.5
seconds. Then the average spectral
accelerations were calculated for each period
of the scaled records. The resulting site
response spectrum (SRS) is shown in figure 2.

Once the SRS was determined, synthetic
accelerograms were generated. Independent
accelerograms were generated for the
horizontal and vertical components of the
ground motion. The vertical record was
computed by scaling one accelerogram by the
ratio (0.48) of vertical to horizontal
spectrum intensities of the historical
records. The horizontal and vertical
accelerograms are shown in figures 3 and 4,
respectively. Since the Upper Stillwater
analysis, Reclamation has refined the
spectrum intensity concept (reference E).
Computations and field tests have
demonstrated that the natural periods of
concrete dams are generally less than

0.5 second. Therefore, acceleration spectrum
intensity has been introduced and defined as
the area under the accelera-tion response
spectrum between periods of 0.1 to



0.5 seconds and is an appropriate indicator
of the potential response of concrote dams to
a given earthquake record.

4. DYNAMIC ANALYSIS

Dynamic studies of Upper Stillwater Dam used
the two-dimensional program EAD.II. Two
models were used in the analyses - one to
represent the maximum section and a more
typical height section. Hydrostatic loads
analyzed were: the normal water surface,
elavation 8172.0, and the minimum water
surface, elevation 8028.4.

todel grids used in the dynamic studies are
shown in figures 5 and 6. Smaller elements
were used st elevation 8100, the reentrant
corner on the downstream face, to provide
better stress definition.

ANl dynamic studies used only one material
wudel in the dam. The foundation elements
used another massless material for rock.
Studies made with a homogeneous foundation
showed tensile stresses exceeding the
capacity of the rock in the foundation
element just upstream of the dam. In aorder
to provide a more realistic model, this
elesment was softened by lowering the
Jeformation modulus of the element to
100,000 1b/in?,

Three different stress output options were
used in the EADHI anmalyses. The first was
used to obtain a table of maximum and minimum
stresses, and their respective times of
occurrence for each element. Secondly,
stress histories were generated for
particular elements. The third option was
used to obtain the stress distributions in
the entire dam at specific times
corresponding to maximum tensions cn both
faces. EADH] automatically added static
stresses to the dynamic stresses in all
analyses.

Several studies were made to determine how
much influence individual modes had upon the
response of the dam. Up to five modes were
included in each study.

5. RESULTS

Each EADHI analysis produced a large amount
of output. Only the most significant results
are presented. Modal superposition analyses
were conducted which included contributions
of up to five modes. The following results
refer to studies for the first four modes;
the fifth mode was judged to have a
negligible influence upcn the response of the
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dam. Natural periods for the maximum and
typical sections are listed in the following
table:

Natural periods - seconds

Maximum Typical
—Mode __ section section
1 0.462 0.344
2 0.182 0.139
3 0.176 0.12%
4 0.094 0.063

The maximum principal stresses orcurring at
each face are shown on figures 7 and 8.

The maximum tensile stresses of 432 1b/in? on
the upstream face and about 300 1b/in? on the
downstream face occur when Lhe water surface
is at elevation 8172 (figure 7). For the low
water conditions, maximum tensions are about
200 1b/in? on each face. At the maximum
section, the maximum compressive stress (not
shown) is 1,042 1b/in2. Maximum tensions at
the upstream face of the typical section
with the normal water surface are about

300 1b/in2. Vertical stress distributions in
the maximum section at particular times
related to the maximum tensions on both faces
are shown on figure 9. Maximum tensions of
about 300 1b/in‘ occur on the upstream face
at elevation 8040 with normal and minimum
water surface elevations at times 5.19 and
2.23 seconds, respectively, in the response
history analyses. Maximum tensions of about
200 1b/in? occur on the downstream face at
elevation 8095 at times 4.32 and 3.05 seconds
for normal and minimum water surface
elevations, respectively. As can be seen in
figure 9, the stress distribution is almost
linear from face to face.

In order to get an indication of the duration
and frequency of occurrence of the maximum
tensile stresses, several studies were
conducted to generate stress histories at
selected elements in the maximum section.
These elements are 132, which is situated at
elevation 8040 on the upstream face, and 167,
located at elevation 8095 on the downstream
face. Stress histories for element 132 for
the analyses including normal and minimum
water surface elevations, respectively, are
shown on figures 10 and 11. Corresponding
stress histories for element 167 are included
n figures 12 and 13. Tensile stresses
exceed 250 1b/in? anly in the element 132 for
the normal water surface condition; all four



such excursions are of durations less than
0.10 sacond each.

All dynamic analysis results indicate stress
Tevals in the dam for the minimum water
condition are significantly lower than for
the normal water surface loading. In
addition, stresses from the analyses of the
typical section are substantially reduced

¢ red to stresses from the maximum section
analysis.

6. EVALUATION

According to Reclamation criteria [F], a
safety factor greater than 1.0 is required
for the axtreme loading combination. The
allowable compressive stress for the RCC is
3,600 1b/in?. The allowable tensile stress
for RCC is 350 1b/in?.

Response history analyses of the normal water
condition indicate maximum compressive
stresses in the RCC less than 1,100 1b/in?
which are well below the allowable 1imit of
3,600 1b/in?. Tensile stresses in the RCC
exceed the allowable limit of 350 1b/inZ for
Tess than 0.10 second at the upstream face.
Except for four excursions of short duration,
tensile stresses are generally less than

250 1b/in? throughout the dam. When large
tensile stresses are present at the upstream
face, the downstream half of the dam is in
compression. Also, the above-mentioned
stresses refer to the maximum section
analyses; stresses at the typical section are
substantially lower,

Present Reclamation criteria state that
"Horizontal cracking should be assumed to
occur in a gravity dam wherever the vertical
normal stress for dynamic response to an
earthquake does not meet minimum safety
factor requirements. The depth of crack is
assumed to ¢ nd along a horizontal section
to the poini .ere compressive stress
computed without uplift and the internal
hydrostatic pressure are equal.” These
criteria, published in 1974, are based on a
pseudo static amalysis for earthquake
loadings. This method does not account for
the rapid cyclic loading of seismic
excitation. The analysis method used for
this dcsi?n (EADHI) produces a stress history
based on linear elastic theory while
accounting for resonance effects in the dam
and hydrodynamic interaction. In addition,
earthquake-type ground motions are input to
the analysis rather than applying peak
acceleration values to the concrete and water
mass. Consequently, the evaluation of
results from the EADHI program requires a
different approach than outlined in E.M. 19.

It is important to note that the dynamic
tensile strength was exceeded for a short
duration on the upstream face. An excursion
beyond the elastic limit is not as
significant as the general level of
repeatable stress at a point. An examination
of the stress histories for this analysis
shows that the dam responds at repeatable
stress ievels safely below the dynamic
tensile strength. On this basis, it is
reasonable to conclude that cracking would
not develop through the section. From these
observations, the dam’s response {is
predominantly linearly elastic with instants
where localized portions of the dam become
nonlinear. Therefore, the loading from the
MCE could possibly cause cracking of the
concrete in a limited area. However, the dam
possesses sufficient stability to operate
safely during and after the earthquake.

One method of substantiating judgements
concerning structural behavior is to observe
the actual behavior of similar prototype
structures for similar loading conditions.

In 1967, Koyna Dam, a 338-foot-high gravity
dam located in India, was shaken by a

M, = 6.5 earthquake located at an epicentral
distance of 5 miles and a fault break
distance of 1.8 miles. The structural damage
to the dam was horizontal cracks on either or
both faces of a number of monoliths [G, H].
leakage of water was observed on the
downstream face of one monolith, and traces
of seepage were observed on five other
monoliths. Although the dam cracked, no
sudden release of the reservoir took place.
The Koyna Dam experiencc shows that a
concrete gravity dam lile Upper Stillwater
can crack and still retain the reservoir.

Stresses from the low water analyses were
substantially reduced compared to stresse: of
the normal water condition analyses.

In summary, the evaluation of the dynamic
analysis of Upper Stillwater Dam indicates
that the maximum credible earthquake could
cause cracking, but no sudden release of the
reservoir will occur. This condition is
pe;?issible within the present Reclamation
policy.

In August 1984, the Earthquake Engineering
Research Center released the program EAGD-84
[(1]. This program supersedes EADHI and
includes the effects of dam-water-foundation
rock interaction and of materials, such as
alluvium and sediments, at the bottom of
reservoirs. EAGD-84 was run using the Upper
Stillwater data. The results indicated that
stress values at the heel of the dam were
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Damage of Soil Liquefaction Caused by Earthquakes and
Use of Geomorphological Maps

by

Takekazu AKAGIRI%

(abatract)

Damage of soil liguefaction caused by big
earthquakes have been {ncreasing recent years.
The fundawenta! relationships betveen soil
liquefaction and geomorphological units have
been clarified. The author researched soil
Jiquefaction caused by Nijgata, Nihonkai-chubu
and Chibaken toho-oki earthquakes to review the
relationships based on literatures and field
survey.

And he concluded that (1)soil liguefaction
phenomena were the mosi remarkably caused in
former river courses filled about several ten
years ago and banked areas, (2)the qua'itative
susceptibility to ligquefaction for each geomor-
phological unit has been interpreted using
geomorphological maps by Geographicai Survey In-
stitute (GSI) and (3)wicro-geomorphological maps
are svailable for prediction of liquefaction.

[keywords) soil liquefaction, geomorphologicai
mpe, nicro-zonation, sub-surface and landform

8ig earthquakes have caused sandy soil
liquefaction, collapses of slopes, and other
types of ground failures. Many cases of soil
liquefaction have been found in the past. Traces
of liquefaction caused in 12c. to 18¢c.. vas
found In old mounds in the ruins of 5 century in
the subsurface layers, which sand boil had not
reach the ground surface (Sangawa:61987). And
Kanto earihquake (1923, N=7.9) caused soil
liouefaction extensively in the lover drainmage
basin of the Nakagava river (Gelologica) Survey
1925, Vakamatisu 1883). Also remarkable soi!
{iquefaction vas caused by Niigsts earthquake
(1964:MaT7.5), Miyagiken-oki earthguake (1978:
M=7.4), Nihonkal-chubu earthquake (¥=7.7),
Chibaken-toho-oki earthquake (1987 M=7.5)
(fig.1: index map) and others.

Most of plains in Japan have been formed by
fluvial process. Material has been transported
from mountainous slopes to the lover drainage
basin and deposited. Landfores and subsurface
ground have been formed by the same process.
Thue, (L s poseible o know subsurface ground
condition using micro-landforss.

in this paper, the suthor reports that it is
easy to interpret and predict qualitstive sus-
ceptibility to the liquefaction using geosor-
phological maps based on the relationghips be-
tween landforme and soil liquefaction.

2:Soi) Liouetsction Caused by Earthouakes

.

This earthquake induced various kinds of
domages In Miigata and {is surroundings: tunesl,

............... sesatosammnmacrecasacannan

$Geographics) Survey Institute

collapses and tilting of houses and buildings,
imndation, fire, sudden subsidence and rising
of ground surface, crack and sand boil with md
ceater and etc.. Among them, soi! liquefaction
was caused {n the extensive ares in the jower
drainsge basin of the river Shimno.

GSI researched the damage using aecrisl
photographs and in the field and compiled maps
showing aspects of damage caused by Niigatia
earthquake and applied geomorphological maps at
8 scale of 1:10,000 (1964: fig.2,3).

According to the maps, liquefaction vas
caused remarkably in nusbers in the former river
courses filted after 1926 along the Shinano
river, former river courses in the coastal
lowland between the Agano and Shinano, (The area
had heen a river course during the past 400
years: Vakamatsu 1833), Niigata sirport located
st artificially changed dunes, interlevee
towlands, edges of natural levees with high
ground vater level and banked roads in the
lowlands (tab.1,fig.3).

Subsurface ground along the Shinano wvas
displaced laterally toward the river about Bm
{one side)in the both sides of the river by soil
tiquefaction and the vidth of the river became
narrower(Hamads et al. 1988). This is clesrly
found using & set of aerisl photographs by GSt,
taken before and after the earthquake.

In the subsurface of the damaged areas,
Following characteristics were common to the
areas in the subsurface of damaged areas:
(1)sand deposited thick, which average diameter
of the grain size is 0.1~0.5mm, (2)relative
density is lovw and (3)ground vater leve| is
high. But, there vas no damaged area by soill
ligquefaction in wvell developed dunes and
mtural levees, vhere ground water level is low
and soil is compacted (Japan association of ar-
chitecture 1964, Aoki, Ogawa, Yagi 1874, GSi:
1964).

2-2. Nihonkai-chubu earthquake (Middie
eq.8=7.7)

This earthquake caused intensive damage by
tunami from Aomori to Akila: maximum |5a high
at the coast, several ten ka from north to south
slong the coast, inundated land area lkw deep
inland, various types of ground faitures of
ground, destruction of houses and buildings,
destruction of lifelines and others.

Liquefaction phenomena werc ceused in wany
places in the lowlands. Long esbankmentis sub-
sided in the surréunding of the lake
Hachirougata. In msny places, liquefaction wus
observed in siwilsr landform units to Niigata in
former river courses of the river Omono, banked

n Sea
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area, edges of sandy landfors wnits (natural
jevees, sand dune). Lateral dispiacement of
paddy fields wvas observed(fig.-4, 1984).

And at ih: edges of sandy landfores, sand
vas lost at the bage of houses too much and
damages of houses became larger. Bul only one
house was not damaged at all. According to
suthor’s interview with the owner, tle house was
built up on the basis of enough piles (deep snd
many) into msrshy land because the ovner had
known that subsurface ground condition had been
the vorst for housing.

2-3. Chibaken-Toho-0ki_Ear thquake (1987,M4=6.7

This carthquake hit the neighbor area of
Tokyo and caused intensive dsmages in Chiba and
Ibaraki prefectures. Damages are destruction of
houses more than about several ten thousands,
destruction of lif: lines, damages of roads,
liquefaction in alluvial towlands and fill ajong
Tokyo Bay, forser river courses and banked area
in the lowlands of Kujukuri plain, former river
courses in the lover drainage basin of the Tone
river, and the reclaimed area by draining the
lake in Itako Town. And slope collapses were in-
duced in the hill slopes of the Kujukuri coastal
area.

Liquefaction phenosens wvere caused in many
places. Fig.5,6,7 are examples in the tower
drainage basin of the Tone river. Comparing
vwith tiquefied sites and the geomorphoiogical
sap dravn at a scale of 1:25,000 by GSI,
liquefaction vas caused in the alluvial
Jowland{one ares), 8 combination with former
river course and slip off slope (5 areas). Most
of sand boil were formed in the former river
coiurses. No soil liguefaction phenomena was not
observed n undercut siope.

The author researched histories of these
liquefied sites using the vhole editions of
former topographic maps since 1880. According to
the maps, liquefied sites had been river courses
several ten years ago. And after the construc-
tion of short cut in 1915, these siles remained
as oxbow lakes where water chestnuts grew thick.
And these were filled using river sand of the
new channel of Tone river with sandpueps from
1960 to 1967. Later, partly river sand vas sold
out and backfilled using hilly sand.

Vater-chestnuls in the area had deposited
at the river floor betore fill and came out with
sand boil this time. Crack type of sand boil
continue intermittently and side by side about
several hundreds meters long (fig.5). The dis-
tribution coincided with the backfilled hilly
sand srea.

According t. lne boring data, which was
reseached after the earthouake, by the science
and engineering research laboratory of Waseda
univ., surface geology consists of the
followings: 0-6m:wil! sand, river floor sand,
6-10m:fine sand, 10m-:very fine sand. And sand

pott consists of fine sand and very fine sand.
Then, sad boil came out from deeper layers
below hil'y sand layer.

Most of liquefaction were caused in the
former river courses. Grain sizes are not well
sorted. Sand boil vas not observed in the former
river courses which were filled up by natura!
processes of by gradual fill without sandpump.

3.Subsurface Condition and Ceomorphological Maps

3-1.Geomorphological mapping and subsurface con-
dition

Soil liguefaclion is caused by the combina-
tion with (1)seismic intensity and duration,
(2)density of sand (void ratio, relative den-
sity, N value), (3)erain size distribution,
(4)ground water level, (5)depth of sand layer.
And the pt change depend on the combina-
tion with these. Among them, except (1), others
relates to subsurface condition and it shows
that subsurfare is indispensable to predict soil
liquefaction sites.

Most of plains have been formed by fluvial
process in Japan. lLandform complex in the upper
drainage basin has not changed in a period that
microtandforms have been formed in the lower
plain in usual. For the reason, in the lower
plain, same material, vhich is transported from
the upper draimage basin, has been deposited in
specified sites repeatedly and microlandforas
have been formed.

This process decides material and types of
subsurface ground condition vhether a fan
develops to a big one or a little scale of
boulder fan, and whether the fan consists of
gravels or fine sand or silt. Similar type of
subsurface have similar characteristics of sub-
surface condition . Wakamatsu et. »1 (1980)
proposed that qualitative susceptibility to soil
{iquefaction was decided by ‘ie cowbination with
types of plain, characteristics and scale of
landform units.

As above mentioned, microlandforms show not
only details of relief of plain, but also
geomorphoiogical genetic history and have indis-
pensable relations to subsurface condition which
are surface geology, soil condition, ground
vater and so on. Thus, it is naturally possible
to make clear subsurface conditions using
microlandforms.

As an example shoving the relations, there
is the distribution of cracks with sand boil in
the lowland of Nakagaws river drainage basin in
Saitama prefecture to the north of Tokyo, which
vas caused by 1923 Kanio earthquake (M7.9) in
(Gelogical Survey:1925). The distribution coin-
cided with the distribution of natursl levees
along former river courses. And it is clear that
the numbers of ligquefaction varied in each kind
of geomorphological unil. And recent years,
dasages of soil liquefaction vere caused in ar-
titicially changed landforms and subsurface.
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Ova, Vakamstsu et ai.(1982) compiled o
goomorphoiogical map for prediction of flooding
snd liquefaction in Shonal plain and made clear
qualitative susceptibility to liguefaction at
each geomorphologica! unit based on the resesrch
hov frequently liquefaction vas caused at each
geomorphological unit subject to selsmic grond
wotion of the J.M.A. intensity V (J.M.A.V cor-
responds to Modified Mercalll intensity W@
appraxiomtely) using the past earthauske. Three
months after compilation of the map, Nihonkai-
chubu earihuske caumed liquefaction near the
spring at dune edge vhere the mp had predicted.

Kotoda et al. (1988) clarified peak ground
velocity of the past 19 encthquakes at {iquefied
and non-)iquefied sites on various geomor-
phological units to mke clear the muantitative
susceptibility to (lquefaction. And they got
the regult of fig.-8,0 which showed critical
values causing liquefaction. This does not con-
flict with the result by Ova et al..

3-2.Prediction of sites using geomorphoiogical

Above mentioned geomorphological map vas
compiled based on the sethod of Oys’'s geomor-
phological map for prediction of flooding at a
scale of 1:25,000. And geomorphological map
series (1:25,000 land condition map series) by
GS! vas also based on his sethod with additiora!
conceptions and legend for prediction of flood-
ing at the beginning. But at this woment it has
been being prepared for various purposes includ-
ing ground failures by esrthquake.

: A geomorphological sap (s & map shovwing
microlandforas based on aerial photointerpreta-
tion and field check to classify morphologica!
characteristics. Geomorphologically, the objec-
tive area Is classified into homogeneous units
by the combimation with form, mterial, genetic
process and period the Iandform was foreed.

Classification consists of three classes:
Large units are mountainous area, hill-and-table
land, and lowiand. Middle units are valley
floor, coastal and delta’c plain in the case of
fowland. And detailed units are a former river
course and & matural |evee in the case of del-
taic lowiand.

In technology, micro-zoning maps for pre-
diction of liquefaction decide susceptibility to
liquefaction at each 500w mesh using boring data
(geology and N value). The method is a typical
ouantitative method vith an enormous nusbers of
boring data and the researcher must analyse data
at each mesh. And the reliability becomes lowver
in sn area vith fev boring data. The wethod is
not & preliminary sethod, but a fundizental re-
search.

The meihod based on geomorphological map-

ping is qualitatively. And (1)it is possible teo

classify pretty extensive ares based on merial
photointerpretation in s short period at lov

cost. And many geomorphological maps covering
wost of piaing have been prepared st middle
scales. (2)in comparison vith s wesh mp, it is
possibie to drav more suitable boundaries which
corresponds vith actua) boundaries of subsurface
conditions using geomorphoiogical mmps. (3)even
if users do not have emough knowledge of soil
engineering snd geomorphology, it is easy to in-
{erpret subsurface conditions and susceptibility
to tiguefaction. ()it is possible to research
general condition at a scale of 1:57,000 first,
and {f necessary, more detailed work can be done
at a scale of 1:10,000 or 1:5,000. And quantita-
tive vork can be done after it. It means that
this method has characteristics as a preliminary
research. The Nations] Land Agency has been
preparing micro-zomtion maps for prediction of
tiguefaction vith geomorphological mapping.

(1) The author researched a few earihquakes
vhich caused s0il liquefaction and revieved the
relationships between geomorphologica! units and
soi) liquefsction. Based or. the research of
Chibaken-toho-oki earthquake, it vas clarified
that soil liquefaction vas csused in deeper
tayer than 4a and in the foramer river courses
and fii) about several ten years ago. And these
sites were shown as specified landfors units in
the geomorphological maps published by GSI.

(2) The susceptibiiity to liquefaction for each
geomorphological unit based on geomorphological
wapping does not conflict vith the result that
Vakamaisu et.al clarified qualitative suscep-
tibility to Viquefaction at every geomorphologi-
cal unit based on peak ground velocity. And it
is reasomably possible to explain conceptions
based on fluvis! process.

Existing geomorphological mps sre avail-
able to microzonation for prediction of
liquefaction. And the miciuvzonation based on
geonorphological mapping is effective as a
prelimimary research.
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<~ ummonus®  G.L. before eaarthquake
7~ mmoms®  6.L. after eearthquake
4 w ® +n  cracks

e U X720 &% sand boil

— BREO»IAN ground crack with_vertical gap

= TN SHE lateral displacement

- M&m&(ﬁéﬁé boundary of paddy field displaced by the eq.

fig.4- Landform change (lateral displacement) at
Gomyoukou near Lake Hachirougata in Akita pref.
Caused by Nihonkai-Chubu Earthquake, 1983"

by First Geographic Division of GSI(1883)
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n}.s- Distribution of Sand Boils in the Lower
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Fig. 8 Peak ground velocity at liquefied fan 35cu/s

and mon-liquefied sites on various
geomorphelogical units

geomorphology aerial photo- fieldcheck collection of
existing saps interpretatio interviev of earthquake
literqture liquefaction dasage
praparation of
prelisinary map
— r—
coapilation of distribution wap |
geosorphological of liquetaction by
map past earthquakes

E_——J

clarifying the relationships
between landforas and
liquefaction

l =

comparison with supplementary work of
sinilar plains geomsorphological map

decision of susceptibility
to liquefaction for each
geomorpholgical unit
W
coapletion of
geoaorphological map
for prediction of
liquefaction

fig.10- A flowchart to compile a geomorphological map for prediction of
liquefaction
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Dyasmic Deformation Characterisiics of Compacted Rockfills
by Cyclic Torsional Sinple Shear Tests

Norihisa MATSUMOTOQ °
ABSTRACT

Large-scale cyclic torsional simple
shear tests (CTSS) were performed to
investigate the dynamic deformation
characterirtics of compacted rockfills
(gravels) at wide shear strain range.
The effecte of confining pressure, void
ratio, principal stress ratio and cyvcle
loading frequency on the shear
modulus and damping ratio are
evaluated. It has been found that shear
modulus is expressed as the function of
void ratio and confining pressure for
compacted rockfill as prorosed in the
past studies for sands. and damping
ratio can be expressed as a l|inear
function of void ratio. The influence
of princiral stress ratio to shear
modulus in the cyclic torsional simple
shear test(CTSS) was proven to be
different from that at cvclic triaxial
test(CTX). Furthermore. the strain
dependent curves of normalized shear
mcdulus and damping ratio by CTSS for

gravels show similar inclination
comparing to those from CTX.
1. INTRODUCTION

it is important for the rational and
sconomical design, and construction of
rockfill dams to study the dyvnamic
properties of compacted rockfiils
(gravels ). which occupy a large part
of the dam body and contribute preatly

the stability. Furthermore it is
desirable that these properties be
obtained under stress-strain state

similar to that of the field.

The cyclic triaxial test using solid
specimen of about 30 cm in diameter and
60 om in height has been frequently
conducted due to easy handling.
However. the triaxial test, in which the

principal stress axes are fixad in
vertical and horizontal directions,
does not simulate necessarily the

stress-strain state of the dam body
during earthauakes.

During earthquakes, the shearing
vibration is apt to be predominant in

the dynamic stresas-strain state of
rockfil! dams with a continuous
rotation of principal stress axes.

Simple shear test apparatuses of SGI,
NG| and Cambridge tyres can reproduce

by

Nario YASUDA * Masahiko OHOKUBO 2 Yasushi KIiNOSHITA <

the stress-strain state of the field
eloments subject to shear
deformations. However, the effects of
the end surface of specimen, namely.
the shortage «f transmitted shear
stress and the stress concentration at
the inside of specimen are conspicuous
in this apparatus. On the other hand .
these effects are negligible in CTSS
owing to its wunlimited cylindrical
shape.

A large number of hollow cylindrical
torsional simple shear tests have been
cerformed for static and dynamic
strength and deformation
characteristics of sands to datae, only
a few tests have bheen carried out on
rockfills. In order to investigate the
dynamic deformation characteristics of
rockfills (maximum particle size of 38.1

nm) corresponding to grained
stress-strain state in the field, the
research was conducted for a wide
shear strain range by using
large-scale cyclic torsional simple

shear device with hollow cylindrical
specimen,

2. |ARGE-SCALE _CYCLIC TORSIONAL
SIMPLE SHEAR DEVICE

All experiments were performed using
large-scale cyciic torsional simple
shear device. In this device a hollow
cylindrical specimen of B0 cm in height,
can apply indapendently to the
specimen axial stress, confining
pressure and torsional shear stress.
Furthermore, triaxial compression and
extension tests can also be carried out
by epreparing the solid specimen of 40
cm in dismeter and 80 cm long in this
device.

Fukushima, et al, (1980) investigated
the ratio of the outer diameter to
height of hollow cylindrical specimens
using four different heights of the

1.Chief,Filldam Division,Public Works
Research Institute.the Ministry of
Construction, TSUKUBA City.Japan
2.Research Engineer, ditto

3.Engineer, ditto

4.Consulting Engineer. C.T.l.
Engineering, Co..Ltd. Formerly visiting
researcher of P.W.R.I.




preparing the solid specimen of 40 om
in diameter and 80 cm long in this
device.

Fukushima, et a!. (1980) investigated
the ratio of the outer diameter to
height of hollow cylindrical specimens
using four different heights of tha
specimens, with the same outer and
inner diameters for dry sands. They
reported that the height of specimen
was desirable to be larger than the
outer diameter to eliminate the
disturbance of end constraints. Thus,
the ratio of 1.0 has been applied to
this large-scale torsional simple shear
device as the proportion of a height to
a diameter.

3. IEST CONDITIONS AND PROCEDURES

Quartz andesite was used for the
specimen materials in this study. The
materials were transported from the
quarry site of a rockfili dam now under
construction to the laboratory of
P.W.R.I. The grain size distribution of
a specimen is determined so as to
resemble that in field, and illustrated
in Fig 1. The maximum grain particle
size is 3I8.1 mm resulting from the
requirement that maximum particle
diameter must not exceed 1/5 of the
thickness of the specimen diameter.

All experiments were performed under
the air-dried and drained conditions.
Table 1 shows test cases conducted this
study.

To accommodate the 10 th hysteresis
loop of stress-strain under steady
state at every 0.01 second. an
analog-digital conversion system and
data storage system with memory
ccntrolled by a personal computer are
used for data acquisition.

4. EXPERIMENTAL RESULTS AND ANALYSIS
4.1 Dynamic Test Results

Shear strain dependerit curves of
modulus G and damping ratio h with void
ratio €o=0.42 and stress ratioC ./ O »
=1.0 are illustrated in Fig. 2. The
smooth curves of shear modulus G were
obtained at the strain range of 2X10°®
~5X10-+. Usually, dynamic deformation
characteristics at the shear strain
levels less than 1 X 10 * was obtained
by resonant column test. and those at
more than 1 X 10-* was from cvclic
triaxial test (CTX). Both test methods
rarely coincided with each other. In
this study. dynamic properties at wide
gshear strain range including strain

less than 1 X 10°® are continuously
gained by CTX due to the usage of the
ultra-sensitive displacement
transducer (Gap sensor).

The effect of confining pressure 0.
on damping ratio were found in the
case of sands, however it has not been
obvious in rockfills. Otherwise the
effect of O o on damping ratio was
recognized at cyclic torsional simple
shear test (CTSS) of this study as
described later.

Fig. 3 indicates the relation between
shear modulus G and void ratio after a
consolidation @o. G is divided by the
function of confining pressure (0 o)™
in order to eliminate the effect of O
itself. It is distinct that the void
ratio @o increases. the shear modulus
G decreases. The relation of G to e
for rockfills is wel! expressed in Ea. |
proposed by Hardin and Richart (1963)
for shear modulus of sands at minute
shear strain.

G=K(T) a (T

(2.17-e0)2
a= —
|+eo
Where, K = constant depending on
shear strain, m = power related to

confining pressure (depending on shear
strain), O o = oeffective confining
pressure.

CTSS results of this study are
plotted around approximate straight
lines from regression analysis as shown
in Fig. 3. Kokusho, et al. (1980) also
proposed the same slope of approximate
straight lines for crushed and round
rocks by CTX, so it can be confirmed
that the relation between shear
modulus G and void ratio e. for
rockfills is independent of taesting
methods, and can be explained as Eq. 1.

Fig. 4 indicates the relation of shear
modulus G to confining pressure O o
both in logarithmic scales with shear
strains as parameters. G at ordinate is
divided by Eq. 1 to remove the effect
of void ratio. G decreases with the
increase of shear strain and increasing
with the rise of 0. The incline of
linear regression line drawn in Fig. 4
becomes gentler according to the
smaller shear strain range as well as
results from CTX.

Fig. 5 shows the power. m. realating
shear modulus G to confining pressure.
The power m conserning confining
pressure O o is a function of shear
strain. CTX results of gravel as are
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plotted together in this figure with
test data of the sand from Kokusho. et
al. (1980) and Iwasaki, et ai. (1980). It
can be seen that power m of rockfills
is distributed from 0.65 to 0.8
irrespective of testing method. and is
larger than that of sands at wider
shear strain range. Consequentliy.
shear modulus G of rockfills can be
displayed by Ea. | at not only very
small but also large shear.

Fig. 6 shows the relation of damping
ratio h to void ratio ec. Damping ratios
are also normalized by the function of
the confining pressure ( O )™ to
eliminate the effect of the confining
pressure in the same way as the case of
shear modulus. The relationship has a
precise inclination to increase
according to the rise of void ratio at
shear strain range of 5X10® ~ 656X
10-4. This tendency is attributed to
the increase of energy loss by small
plastic deformations of the specimen in
proportion to the higher void ratio
against the same cyclic load. The
relationship between damping ratio and
void ratio can be expressed by the
following equation.

h=L(T) B (O

B=04+15 o,
constant depending on
n power related to

Where, L =
shear strain,

confining pressure (depending on shear
strain),

Fig. 7 illustrate/s he relation of
damping ratio to confining
pressure 0 .. Damping ratio s

normalized by the function of wvoid
ratio ec to eliminate the influence of
0o 38 the case of shear modulus. The
slopes of linear regression lines
become steeper accompanving with the
smaller shear strain in opposition to
the relation between G and U .. The
above-mentioned inclination of damping
ratio is not often apparent in CTX

testing.

Principal stress ratio ( 01/ 0 a3, in
which 01 = major princiral stress, 0>
principal stress) of a rock

= minor
zone at rockfill dam body ranges from
1.0 to 2.0 according to monitoring of
obgervational instruments at the dam
body, and becomes larger inside the
body. In this study, CTSS is also
parformed under two diffaerent
anisotropic consolidations of O /0 3
=1.§ and 2.0 besides isotropic
consolidation. The relation between
principral stress ratio 0 /0 a and Rs,
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which is the ratio of shear modulus G
against shear modulus at 0/ 03 of 1.0
both under the same mean principal
stress conditions, is indicated in Fig.
8. Figure is arranged for shear strain
of 2X 107* and four levels of mean
principal stress 0 = 1.0, 2.0, 3.0 and
4,0 kgf/cm2. Rs is less than 1.0 about
cvclic torsional simple shear test
(CTSS). The results of cyclic triaxial
test (CTX) by this apparatus are also
shown in Fig. 8, and Rs ranges from 1.2.
to 1.4 illustrating the reverse
inclination of principal stress ratio in
comparison with CTSS. Test result of
CTX with solid specimen of 0 cmin
diameter and 60 c¢cm high is conducted by
Matsumoto, et al. (1986) using the same
quartz andesite and plotted in this
figure.

The influence of T/ 0 a to damping
ratio is not so clear as that to shear
modulus. It is estimated that there is
not a significant effect of 0 /03 upon
the damping.

It is generally known that the clay
materials are not affected by cyclic
frequency of dyvnamic load except for a
large deformation as a creep. Hara and
Kiyvota (1979) concluded that shear
modulus of c¢lean sands is constant
value at the freauency range of 0.1 ~
10.0 Hz. In this study the derendency
of frequency for rockfills is
investipated about the lower range of
0.01 ~ 0.2 Hz by reason of the limited
capacity of testing device. Tests are
accomplished for four levels of
confining pressure and strain range of
2X 10 ~ 5X10-% and it is recognized
that aimost similar shear modulus are
observed at each pressure level. (see
Fig. 9)

Hardin and Drnevich (1972) proposed
that the relation between shear
modulus G and damping ratio h is
independent of void ratio eo. confining
pressure O o and shear strain, and
simply expressed as £q. 3

h=hm.x(l°

- 3

o

Where, Go = maximum shear modulus,
max = damping ratio at G=0. Fig. 10
shows the relation of normalized shear
modulus G/ Go to damping ratio h for
this testing. Results for specimens at
three different void ratios are plotted
with their linear regression lines, and
the line from the average of whole
data. A least squares regression fit is
performed to obtain these Ilinear



regression lines. Data of each void
ratio scatters around the linear line
independent of shear strain and
confining pressure O o, and high
correlation between data and lines are
evident. However. hmaex which shows
the slope of linear line. becomes
larger according to the increase of eo
as is corresponding to the relation
between them in Fig. 6. It has also been
shown that hmaex of sandy soils are
determined irrespective of ec as for
average line of several kinds of
natural sands drawn in this figure
(Tatsuocka, et al. (1978)). Though.
gravels have a different inclination
according to €. and indicate lower
values comparing with the average line
of sands. The effect of principal
stress ratio were not evident in this
studs.

42 Strain  Dependent Curves of
Rockfills

The average degradation curve of
normalized shear modulus observed in
this laboratory test is shown in Fig. 11
together with the resuits of rockfills
from other researchers. Matsumoto., et
al. (1985) conducted cyclic triaxial
test (CTX) wusing crushed angular
gravels with the specimen of 30 cm in
height and 60 om in diameter.
Reconstituted samples of Tokvo gravel
of 90 mm maximum particle size were
tested with the same size of specimens
in CTX by Hatanaka, et al. (1988). The
normalized average degradation curve
after Seed, et al. (1984) consists of
results from anguiar and rounded
rockfills of several earth and rockfill
dams. Hynes, et al. (1988) conducted
tests wusing rounded rockfills from
Folsom Dam. The curves obtained by
Japanese researchers are about 30
percent higher than those from Seed.
st al. (1984) and Hynes. et al. (1988) at
strain of 1X10-4,

The strain dependent curves of
damping ratio indicate similar
inclination in shear strain range of 1X
10°® to §X 104, though CTX results are
expected to show slightiy smaller
values in larper shear strain except
For the results from Seed, et al.
(1984).

These divergences may come from the
differences of materials, and test
equipment and procedures used in both
countries, so the further study seems
to be necessary in future.

5. CONCLUSION

Air-dried rockfills were tested in a
large-scale hollow cylindrical cvclic
torsional simple shear apparatus in
drained condition. The experimants
were conducted under stress
controlled condition and about dynamic
characteristics at wide shear strain
range including less than 1X10-®. the
following conclusion can be drawn for
rockfilis in this study:

1. K®(2.17T-60)2/(1+ 0c) *( U c)m can
exprass shear modulus at wide shear
strain including initial shear modulus.
Power m is distributed from 0.65 to 0.85
independent of shear test method and
higher than that of sand.

2. Though the shear modulus of cyclic
torsional simple shear test (CTSS) tend
to become larger with the increase of
principal stress ratio ranging from 1.0
to 2.0, ones of cyclic triaxial
compression test (CTX) have an
inclination to be smaller under the
same stress ratio and mean principal
stress.

3. The relation between damping ratio
and void ratio is obvious at CTSS and
explained as the linear function.

4. Shear modulus relates to damping
ratio lineally as proposed by Hardin
and Drnevich 1972) and linear
regression line has a gentle slope
comparing to sands.

5. The strain dependent curves of
shear modulus obtained in Japan is 30 %
higher than those in the United States.
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Allowable Residual Displacement of Gravity Quaywall Given by
Optinmum Seismic Coefficient From Economical Viewpoint

By

Tatsuo UWABE!

SUMMARY

Cases of earthquake damage to gravity
quaywalls were collected for past
earthquakes, and the gquantity of the
earthquake damage which means the
residual displacement after earth-
quakes and the cost of damage was
then analyzed. An estimation method
to give this quantity of the damage
(residual displacement and cost) was
presented, using the ewpirical equa-
tion which is the function of the
ratio of the corresponding seismic
coefficient of the ground accelera-
tion to the seismic coefficient which
gives the safety factor of unity in
the stability analysis of the design
standard. An optimum seismic coeffi-
cient from an economical viewpoint
and an allowable residual displace-
ment which was defined as an expect-
ed seismic damage displacement given
by such optimum seismic coefficient
were then studied for the rational
seismic design, on the basis of the
quantitative estimation method of the
cost of damage.

Keywords:earthquake resistant design,
sei1smic damage,residual displacement,
seismic coefficient, gravity guaywall

1.INTRODUCTION

Currently in Japan, there is a high
possibility of the occurrence of a
large earthquake in Tokai Area, a
central part of Japan, in the near
future, and thus many kinds of inves-
tigations for earthquake prepared-
ness have been done. One of the
investigations related to ports that
may become key locations for the
transportation of emergency goods
immediately after an earthquake, is a
survey on the earthquake resistance
capability of port facilities to
estimate the number of port facili-
ties available after the earthquake.
In this survey, the seismic stability
of port facilities has been judged by
the evaluatiopn method reported by
Tsuchida et al'’. According to this
method there are only the two kinds
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of analyzed results of no damage, and

collapse. However the actuval seismi~

damage of port facilities shows a

gradual change from no damage to

collapse.

It is now necessary to assess the

potential seismic damage quantita-

tively by the following reasons.

i) If the extent of damage to port
facilities is small, they can still
serve for the temporary transporta-
tion of urgent goods. It is there-
fore important to know whether the
port facilities are available
after earthquakes, by prior estima-
tion of the extent of damage.

ii) Because the number of port facil-
ities which are assessed to be dam-
aged is large and because they
cannot be reinforced at the same
time, it is necessary to decide the

priority of reinforcement and an
effective reinforcing method ac-
cording to the extent of potential

damage.
With the background described above,
the present study is concerned with
the development of a quantitative
estimation method of seismic damage
to port facilities. It is further
aimed at establishing the rational
earthquake resistant design by uti-
lizing the quantitative estimation
method of seismic damage thus de-
veloped. In this earthquake resistant
design, it is necessary to give an
allowable value of seismic damage
deformarion. The seismic damage
deformation means the swelling and
settlement of face line of the wharf,

the tilting of wall and so on. The
allowable value is considered to be
given from the viewpoints of the

berthing function, the structural
stability, the economy and so on. In
the present study, the allowable
residual displacement from the eco-
nomical viewpoint is investigated. An
optimum seismic coefficient from the
1Dr.Eng., Chief of Earthquake Disas-
ter Prevention Laboratory, Structural
Engineering Division, Pert and Har-
bour Research Institute, Ministry of
Transport



economical viewpoint and an allowable
seismic damage given by such seismic
coefficient is sought for, using the
quantitatively estimated potential
seismic damage. The structures ana-
lyzed in this study are a gravity
typ: quaywall, which is a typical
ber:hing facility in Japan, and a
gravity type -evetment.

In this repert, historical cases of
seismic danage to gravity quaywalls
are first described. On the basis of
these cascz, a quantitative estima-
tion method of seismic damage to
gravity quaywalls is then presented.
Lastly, an optimum seismic coeffi-
cient and an allowable residual
displacenent are derived by applying
the quantitative estimation mechod to
several cases of gravity structures
with the cost analyses,

2. CASES OF SEISMIC DAMAGE TO GRAVITY
QUAYWALLS

2.1 Earthquake, Ports

Quaywalls

A gravity quaywall is a typical
berthing facility to moor ships in
Japan. The structural types of gravi-
ty quaywalls are classified into the
caisson type, the concrete block
type, the L-shaped concrete block
type, the cellular block type and the
wave absorbing vertical wall type.
Figure 1 illustrates the caisson type
of pgravity quaywalls. Table 1 shows
the number of port facilities damaged
by past earthquakes from 1923 to
1978. The details of these 679 dsga
were shown in the report of Uwabe®’.
In the study on the quantitative
estimation of seismic damage to
gravity quaywalls the episodes of
gravity quaywalls clearly damaged by
liquefaction were excluded from this
report.

and Gravity

2.2 Quantification of

Damage to
Gravity Quaywalls

(1) Seismic Damage Deformation

In a survey of seismic damage the
swelling and settlement of face line
of the wharf, the tilting of wall,
the settlement of apron and other
factors as shown in Fig.2 was meas-
ured, and the length of damaged sec-
tion in one berth (damage length)
was also measured. In this report,

these measured values and the damage
deformation ratio( the ratio of the
maximum swelling to the wall height
which is the height between sea bed
and wall head) were used as the
parameters to quantity the damage
deformation.

(2) Cost of Seismic Damage to Gravity

Quaywalls

The cost of seismic damage to gravity
quaywalls (seismic cost) means the
outlay assessed officially as repair
work by the government. In this
report, the seismic cost was defined
as the sum of the repair work cost
divided by the damage length of
gravity quaywall (unit:1,000 yen/m).
In this study, the ratio of the
seismic cost to the initial construc-
tion cost was also discussed. This
ratio is termed the cost rate of
seismic damage (seismic cost rate).
The costs shown in the earthquake
damage reports are the sums of the
day. It was therelore required to
convert these costs to same price
level. Then, the fluctuation of the
past years was investigated in the
construction prices, in the wholesale
prices of construction marerials and
in the wages respectively, and the
fluctuation was quantified by a price
index that is 100 for the prices at
the year 1980. The repair cost and
the initial construction cost were
converted to ff‘e price level by
this price index<’.

3. QUANTITATIVE ESTIMATION OF SEISMIC
DAMACE TO GRAVITY QUAYWALL BY
ANALYSIS OF PAST DAMAGE DATA

3.1 Assessment of Damage Occurrence

A working seismic coefficient means
the seismic coefficient which works
on structures during earthquakes, and
the relation between the working
seismic coefficient and the maximum
ground afceleration was presented as
follows3d),

K.s% (0 <200 Gal)
" (1)
k=1(2)"  tez200Ga)

where K, :Working seismic coefficient
¢ :Maximum ground acceleration
(Gal )
g tAcceleration of gravity
(980 Gal )



For gravity quaywalls, the stability
analysis should aim to derive the
sliding and overturning behaviors as
well as the bearing strength of the
foundation, and also determine the
seismic coefficient causing each of
these failures under the safety
factor of 1. This seismic coefficient
is termed the critical seismic coef-
ficient. Critical seismic coeffi-
cients are given respectively in
three stability examinations men-
tioned above. When the smallest of
these critical seismic coefficients
is smaller than the working seismic
coefficient, the structure starts to
break during earthquakes. This small-
est critical seismic coefficient is
defined as the breaking seismic
coefficient.

A decision on whether or not damage
would occur is based on the compari-
son between the working seismic
coefficient and the breaking seismic
coefficient. If the breaking seismic
coefficient is greater than the
working seismic coefficient, the
structure is considered safe and
earthquake-resistant. Otherwise, the
structure is expected to sustain
damage due to the earthquake.

3.2 Quantitative Estimation of Seis-
mic Damage to Gravity Quaywall

As mentioned in the last paragraph
the structure starts to breaking when
the working seismic coefficient(Ke)
is greater than the breaking seismic
coefficient(Kc), and the quantitative
damage that occurs to a structure is
considered proportional to the ratio
between Ke and Kc. Therefore, a
method to estimate the damage extent
was presented in this study using
this ratio between Ke and Kc. The
ratio of Ke to Kc was defined as the
risk ratio(Fc). The relationship
between the seismic damage deforma-
tion and the risk ratio was then
investigated on the basis of the
regression analysis of the histori-
cal seismic damage data. In this
analysis, the maximum swelling, the
settlement of the face line, the
damage deformation ratio and the
seismic cost rate were discussed in
this report.

Figure 3 shows the relationship
between seismic damage deformation
ratio (Rg) and the risk ratio (Fc).
This figure shows the extent of

damage distinguished by the symbols.
This extent of damage was classified
into five categories between yo
damage and complete collapsez.
Table 2 shows the equations repre-
senting regressions. The regression
formula of Rg and Fc in Fig.3 was
then given as follows.

Rg = -12.7 + 14.5F¢ (2)

As shown in Table 2, correlation
coefficients of the regression formu-
la obtained here are not thoroughly
high. In order to obtain a high
accuracy, it is necessary to reexam-
ine the relationship between the
working seismic coefficient and the
ground acceleration with higher
accuracy, to investigate the rela-
tionship between the seismic damage
deformation and the risk ratio for
each failure mode, considering other
factors of the ground condition and
so on. However, no one knows whether
a large number of damage data for
regressions with a higher accuracy
will be obtained or not in the near
future. Therefore, it may be proper
in the present situation to use the
regression formula obtained here for
this study.

The regression formula that repre-
sents the relationship between the
seismic cost rate (Cf) of the gravity
quaywalls and the risk ratio (Fc) was
not obtained with high accuracy
because of insufficient number of
data covering the cost of seismic
damage and result of stability analy-
sis to give the breaking seismic
coefficient. Then, the relation be-
tween Cf and Fc was presented from
the two regression formulae that are
the equations of Cf and the damage
deformation ratio (Rg) in Fig.4, and
that of Rg and Fc in Fig.3. According
to these two formulae, the relation-
ship between Cf and Fc can be given
as follows.

Cf=-62.2+66.2Fc (3)

It was believed that this formula was
obtained by means of the best method
in the present situation in order to
estimate the cost of gravity quay-
walls for an optimum seismic coeffi-
cient from the economical viewpoint
discussed in next chapter.



4. OPTIMUM SEISMIC COEFFICIENT AND
ALLOWABLE _ RESIDUAL DISPLACEMENT
FROM_ECONOMICAL VIEWPOINT

4.1 Concept of Optimum Seismic Coef-
ficient4,5) and Allowable Residu-
al Displacement

One of the seismic coefficient given
by the rational earthquake resistant
design method is the optimum scismic
coefficient from the economical
viewpoint. The factors to affect the
definition of an optimum selswmic
coefficient from an economical view-
point are the initial construction
cost, the cost of seismic damage to
the structures, the utility of
repair works to local economics, the
effect of port constructions on the
environmental and so on. At the
present time, it is very difficult to
quantify these factors other than the
initial construction cost and the
cost of seismic damage to structures.
Therefore the economical viewpeoint in
this report focused on these two
factors for the first step to define
the optimum seismic coefficient.

When the seismic coefficient becomes
larger, the expected cost of seismic
damage to structures (expected seis-
mic cost:Cg(k)) decreases, and the

initial construction cost(Ic(k)) in-
creases, as shown in Fig.5. There-
fore, it is believed that the sum of

the initial construction cost and the
expected seismic cost (expected total

cost:Ct(k)) shows a raised down
curves with the extreme. In this
report, the seismic coefficient which

gives the extreme of this Ct(k) 1is
defined as an optimum seismic coeffi-
cient from an economical viewpoint.
And the seismic coefficient in this
study is assumed to be the same as
the breaking seismic coefficient
because the seismic coefficient of
the present design method for the
gravity quaywall is nearly equal to
the breaking seismic coefficient,.

An allowable residual displacement
for the earthquake resistant design
from the economical viewpoint was
investigated in this paper as de-
scribed in Chapter 1. The allowable
residual displacement was defined as
the expected seismic damage displace-
ment given by the optimum seismic
coefficient mentioned in the last
paragraph.

The accuracy of estimating the ex-
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pected seismic costs discussed here
is not necessarily very high, consid-
ering the scattering of the expected
seismic costs and that of the accel-
eration for the attenuation curves
with distance. However, the study on
the quantitative estimation of the
expected seismic cost is the firsrt

stage in earthquake engineering. It
was still considered for this study
to be currently useful.

4,2 Relation Dbetween Initial Con-

struction Cost and Seismic¢ Coef-

ficient

The initial construction cost of a
given gravity revetment which was
designed for the two kinds of founda-
tion ground of & sand layer and a
clay layer, and for several seismic
coefficients was estimated Figure
6 shows this initial construction
cost versus seismic coefficient. The
vertical axis in Fig.6 1is the ratio
of the initial comstruction cost for
each seismic coefficient to that for
the ordinary condition.

The relationship between the
construction cost and the
coefficient for port facilities
been reported in the study on
economical design of port gfcilities
by Murata, Yagyu and Uchida®’. Figure
7 shows the initial construction cost

initial
seismic
had
the

against the seismic coefficient for
the gravity quaywall where the
structure is of the caisson type

shown in Fig.8. It is necessary to
pay attention to the price level of
the year 1976 and the unit of verti-
cal axis that is 10,000yen/m.

4.3 Expected Seismic Cost Rate

(1)Cumulative Distribution Function
and Probability Density Function
of Maximum Ground Acceleration
at Japanese Ports

The probability of the occurrence of
the maximum ground acceleration at a
given site was studied here based on
the re?ort of Kitazawa, Uwabe and
Higaki r. Figure 9 shows the base
rock acceleration against the return
period at Tokyo, Niigata and Shimo-
noseki. These three ports were se-
lected from the viewpoint of proba-
bility of earthquake occurrence.
According to Fig.9, the maximum base
rock accelerations for the return



period of 50 years are about 240 Gal
at Tokyo port, about 120 Gal at
Niigata port and about 60 Gal at
Shimonoseki port.

The cumulative distribution function
and probability density function of t
duragls years were obtained as fol-
lows8: 9},

F.(X.)ai(l--’,—g-)*-%-exp (=m-e-25h)

m" .\ p-m-dagl t
'(.i.:.zn-ﬂ! € )} (4)
. m.l—l) PR t=1
(ghn—ﬂ!e ‘*ﬂl
Xu—B -
-exp(—m'—"—‘——m-e"”") (5)
where, Xm : m-th acceleration
A,B : Constant of Gumbel
distribution
N : Number of data
K : Period of earthquake
data
t : Durable years
o : Order of extreme
Figure 10 shows the distribution

function and the probability density
function for Tokyo port. The proba-
bility density function of the wmaxi-
wum anticipated acceleration at Tokyo
port for the durable years of 50
years is f1(x) in Fig.10, and the
acceleration of about 240 Gal where
£1(x) shows a peak is the same as the
expected acceleration for the return
period of 50 years in Fig.9.

(2) Expected Seismic Cost Rate

When the distribution function of the
m-th extrewe is fm(x), the probabili-
ty of occurrence of the m-th extreme
is fm(x)dx. The expected seismic cost
rate is derived from fm(x)dx and
random D(x)which is the seismic cost

rate as follows.
Per=L [ Dinfux)dz (6)
Moreover, D(x) is given by the equa-

tion of (3).In case of the expected
seismic damage deformation ratio,
D(x) is given by the equation of (2).

As the extreme of large order had
little influence on the expected
seismic cost rate, the extremes from
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1st to 5th were considered for the
calculation of the expected seismic
cost rate. Figure 11 shows the
expected seismic cost rate of Tokyo
port for durable years of 25, 50 and
100,

4.4 Optimum Seismic Coefficient and
Allowable Residual Displacement

coefficients to
expected total cost
calculated for Tokyo
port, Niigata port and Shimonoseki
port, The number of durable years
was 50, and the extremes from lst to
Sth were considered. The relations
between the initial construction cost
and the seismic coefficient in Fig-
ures 6 and 7 were used. As the amount
of the initial construction cost in
Fig.6 was not shown, it was supposed
that the initial construction cost of
the ordinary condition was 1,000,000
yen/m. As the year of the price level
in Fig.7 is the year 1976, the amount
of the expected seismic cost was
converted in the price level of the
year 1930.

Results of calculation are shown 1in
Fig.1? for the gravity revetment and
in Fig.13 for the gravity quaywall
(Caisson type). The solid lines with
symbols of X in Figures 12 and 13
show the initial construction cost.
The solid lines with closed circles,
open circles and squares show the
expected seismic cost. The dotted
lines show the expected total cost.
Table 3 shows the optimum seismic
coefficient to minimize the expected
total cost in Figures 12 and 13.

The optimum seismic coefficients
obtained here, were compared with the
expected maximum ground acceleration
with a return period of 50 years.
Table 3 shows the seismic coeffi-
cients transformed from the expected
maximum ground accelerations for a
return period of S50 years in Fig.9,
using Eq.(1). In the case of gravity
revetments, the optimum seismic
coefficients were larger than the
seismic coefficients for a return
period of 50 years. In the case of
gravity quaywalls, the optimum seis-
mic coefficients were the same as the
seismic coefficients at Tokyo port
and were slightly larger than those
at Niigata port and Shimonoseki port.

Figures 12 and 13 show the expected
maximum swelling calculated from

Optimum seismic
minimize the
vere



Eq.(2). The height of structures is 5
u for the gravity revetuent and is
l4m for the gravity quaywall. The
expected maximum swellings of the
optimum seismic coefficient are as
follows. In the case of the gravity
revetment, the expected values of
naximun swelling were 5 cm at Tokyo
port, l0cm at Niigata port and | cm
at Shimonoseki port. The reason why
the expected maximum swelling at
Tokyo port is smaller than trhat at
Niigata port is that the increasing
rate of the initial construction cost
between 0.15 and 0.2 is larger than
that between 0.2 and 0.25.In the case
of the gravity quaywall, the expected
values of the maximum swelling were
67 cm at Tokyo port, 50 cm at Niigata
port and 10 cm at Shinomoseki port.
This displacement is an allowable
residual displacement, when defined
from an economical viewpoint. 1In
addition to the displacement dis-
cussed here, an allowable displace-
ment from the viewpoint of the berth-
ing function, the structural stabili-
ty and so on should be examined for
the rational earthquake resistant
design.

5. CONCLUSION

Data on cases of seismic damage to
gravity quaywalls were collected.
Then the quantification of the earth-
quake damage and the quantitative
estimation method of seismic damage
to gravity quaywalls were investigat-
ed. The relation between the damaged
deformation ratio and the risk ratio
which is the ratio of the working
seismic coefficient to the breaking
seismic coefficient, and the relation
between the seismic cost ratio and
the risk ratio were obtained on the
basis of the seismic damage data of
gravity quaywalls in past earth-
quakes,

Moreover, the procedure to give an
optimum seismic coefficient from an
economical viewpoint and the allowa-
ble residual displacement which was
defined as the expected seismic
damage displacement given by such
optimum seismic coefficient was
presented, using the method for
estimating the cost of seismic
damage to gravity quaywalls. The
optimum seismic coefficients and the
allowable residual displacement of
the gravity revetments and quaywalls

were obtained from the expected total
cost with the durable period of 50
years at Tokyo port, Niigata port and
Shimonoseki port. The results of a
comparison between these optimum
seismic coefficients and the working
seismic coefficient calculated from
the expected maximum ground accelera-
tions for the return period of 50
years were as follows. In the case of
gravity revetments the optimum seis-
wmic coefficient was larger than the
working seismic coefficient with the
return period of 50 years. In the
case of gravity quaywalls the optimum
seismic coefficients were same as the
working seismic coefficient at Tokyo
port and were slightly larger than
those at Niigata port and Shimonoseki
port. The working seismic coefficient
in Table 3 are nearly equal to the
seismic coefficient used in the
present design method of gravity
quaywalls for each port. As the
seismic coefficient of the present
design method had been established
empirically on the base of the past
earthquake damage, it seems that the
result of this study on the optimum
seismic coefficient shows the validi-
ty of the empirical engineering
judgment from the economical view-
point for the seismic coefficient.
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Table 1 Data of seismic damage to port facilities

Number of |Number of Structural Number of
Barthquakes| ports type damage data
T
i uaywall
QGrgvity tyge 275¢71)
Steel shee 161(56)
Eile type |
17 100 Celluylar yge | 11¢. 7)
Piled pier typel 31¢17)
Breakwater 40(1))
Other types 161(39)
Total | 679(207) |
Fiqures within rentheses are no damage data

a
and are includeg in total of each type.

Table 2 Results of regression analysis

Criterion variables Regression formula‘ggggﬁ%ggéggigge?gﬁggn
T Maximum swelling Dx=-113.8+124.4Fc 0.559 59.1
Settlement 6f face line Sp=~ -50.9+ 57.1Fc 0.667 20.0
Damage deéf%?éion ratio|Rg= -12.7+ 14.5Fc 0.445 9.1

’

Predictor variable (Fc):Risk Ratio(Ke/Kc)

Table 3 Optimum seismic coefficient and allowable residual displacement

Name of Optimum seismic coef.|Seismic coef. JAllowable residual dis. (cm)
port (Retgtn periodtl
Revetment Quaywall of 50 years) | Revetment Quaywall
Tokyo 0.23 0.21 0.21 | 5 67
Niigqata 0.15% 0.13 0.12 | 10 50
Shimonoseki 0.10 0.08 0.06 | 1 10
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The Relation Between the Building Damages and the Vibration
Properties of Ground (In the Case of Spitak Earthquake)

By
Keiichi OHTANII. Hiroyoshi KOBAYASHI

SUMMARY

The tragic earthquake of December 7,
1988 (Spitak earthquake) occurred near
Spitak, Armenia, USSR. The earthquake
resulted severe damages of buildings at
the northern part of Armenia. And that
earthguake also resulted in a loss of
life estimated at greater than 45,000,
The buildings, especially the reinforced
concrete apartment houses were suffered
very severe damages.

The causes of this disaster were mainly
estimated that (1) the very strong
ground motion was attacked to the hazard
area, and (2) the natural periocd of
building was consisted with the
predominant period of ground.

This paper described that the estimation
of the intensity of ground motions by
assuming a fault-rupture model and by
considering geological conditions, and
the relation between the building
damages and the dynamic properties of
ground by the data of microtremor.

KEY WORD

Spitak earthguake, Seismic intensity,
Building damages, Dynamic behaviour of
ground, Microtremor measurement.

1. INTRODUCTION

The tragic earthquake of December 7,

1988 occurred near Spitak, Armenia,
USSR. The earthgua¥Ye resulted severe
damages of structures, especially the
apartment housing buildings, at

Leninakan, Spitak, Kirovakan, Stepanavan
in the north-western part of Armenia.
And, this earthquake also resulted in a
loss of life estimated at greater than
45,000; the actual death toll may be
significantly higher. The damages of
structure were concentrately occurred to
the buildings, especially the apartment
houses of reinforced concrete
structures.

The lessons learned from past damaging
earthquakes have pointed out that there

is an evident relation between
earthquake damages and geologicatl
conditions, Dbecause the intensity ana

characteristics of ground motions depend
on geological conditions,

2

The objectives of this paper are to
estimate the intensity of ground motions
due to Spitak Earthquake by assuming a
fault-runture model and by considering
geclogical conditions and to discuss the
relations between their results and the
causes of damages due to Spitak
Earthguake by using the microtremor data
on buildings and ground surfaces.

2. ESTIMATION OF SEISMIC INTENSITY

2.1 Parameters of earthquake and
distribution of after shocks

The parameters of Spitak earthquake as

reported by the Soviet Academy of

Science are:
Magnitude;
Origin time;

M=6.8 - 7.0
December 7, 1988
llhr4lmin,local time

07hr4lmin(GMT)
Latitude(deg): 40.9N
Longitude(deq); 44.2E
Depth; 10km

Based on the recorded data at Earthquake
Research Institute, Armenia Academy of
Science, the fault plane solution 1is
shown in Fig. l{c). This solution was
the reverse fault with right lateral
component, the strike and dip angle of
the fault were estimated to N&0 W, 60 ,
respectively.

The Figs. 1l(a) and 1l(b) which were
measured by Armenia Earthquake Research
Institute are shown the distributions of
aftershocks. The Fig. l(a) is shown the
distribution of aftershocks which were
measured within the duration between
December 7, 1988 and January 15, 1989,
and the Fig. 1(b) is shown the
distribution of aftershocks within
December 7, 1988, because the shape of
fault corresponds to the distribution of
aftershocks measured within 24 hours
after a mainshock. The center and
radius of circles in those figures are
shown the location and magnitude of
earthguakes, respectively. From these
figures of distribution of aftershocks,
the shape of earthguake fault was

*1 Head, Earthquake Disaster Prevention
Laboratory, National Research Center for
Disaster Prevention, Science and
Technology Agency

*?2 Professor Emeritus,
of Technology

Tokyo Institute
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sstimated as follows:

Length; L=35km, Width; W=1l2km

Dip angle; 60 , Strike; N60 W.
These values are coincided with the
values by Armenia Earthquake Research
Institute.

The fault slips were discovered in the
hill area on the west of Spitak. The
maximum vertical and horizontal
components of the fault slips which were
discovered, are the value of 2.0 m and
1.8 m, respectively.

2.2

Estimation of seismic moment

seismic moment ofzghe

the value of 2.5X10 dyne cm which
is calculated by the parameters of
L=35km, W=l2xm and D=1.5m {(mean value),.
By using this seismic moment, it can be
introduced to the magnitude of M=6.8
{Table 1). The parameter of D=1.5m is

chosen as the mean value based upoen the
discovered fault slips.

The earthquake is

Fig. 2 shows the location and parameters
cof the earthquake fault. The rectangle
and double-lined part in this figure are
illustrated to the location and scale
and the shallow part of the fault,
respectively. And, the black circle is
illustrated to the epicenter.

2.3 Maximum Accelerations and Seismic

Intensity

The maximum accelerations at each place
are calculated as the product of those
of the incident waves from the seismic

bedrock and amplification factors by
using the thod of Drs. Midorikawa and
Kobayashi. We assumed the rupture
velocity (v,) is 2.5 km/sec by

experience. Rhe surface-soil conditions
at each place are incorporated on the

basis of Armenia geological map
(1/6,000,000) as shown in Fig. 3. The
amplification factors to the seismic

bedrock at each place are shown in Table

2, considering the surface geological
conditions. The seismic intensity (MSK)
are evaluated on the basis of the

maximum accelerations which are reduced
to about 80% levels of the calculated
ones. The reduction factor depends on
the experimental relation between
maximum acceleratifps and seismic
intensity in Japan. results are
shown in Table 3.

The

The maximum acceleration level of Spitak
2 in Table 3 is expressed as more than
600gal, as the past results show good
agreement in the range of maximum
acceleraticns less than 600gal or so, in
case the calculation is cartiedl?ut in
the elastic manner adopted here. The
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maximum acceleration level of OGukasyan
is expressed as more than 228gal, as the
geological condition is assumed as hard
rock because of the insufficient
information.

2.4 Appraisal of the seismic intensity

The relations between the calculated
results of seismic intensity by the
assumption of fault-rupture model and

the reported seismic intensity and the
earthquake damages are summarized as
follows:

{(a) The maximum acceleration levels of
Gukasyan and Yerevan agree with those of

available accelerograms recorded in
Gukasyan and Yerevan which are about
210gal and 6lgal, respectively.

(b} The seismic intensity are 10 in
Spitak, 9-10 in Leninakan, 8-9 in
Kirovakan, 6 in Yerevan in terms of MSK

scale and agree with the estimated ones
in Armenia.

(c) The results are supposed to explain
that the intensity of ground motions in
Kirovakan more close to the epicenter is
lower than that in Leninakan far from

the epicenter, although the final
judgement requires the exact seismic
source mechanism and geoclogical
condition.

2.5 Comments on the Seismic 2Zoning Map
for the seismic design

The seismic zoning map for the seismic
design is used generally in Armenia.
But, the method of seismic 2o0ning map,
which is adopted in Soviet, is similar
to based upon the method of seismic
macre zoning map in Japan. Therefore,
the method in Soviet does not considered
the method of the micro zoning, namely
based upon the dynamic properties of
ground. It is seemed that the method of
macro zoning map is mainly based upon
the statistical result of the occurrence
of historical earthquakes, and is not
considered the Seismotectonics, which is
strongly insisted by the Soviet Academy
of Science in former times.

This Armenia region is located the very
active seismic zone, where the Anatoria
fault is closed to the west side of
Armenia and the Zakros seismic belt is
connected to the south-eastern direction

of Armenia through the Azerbaizian. The
present zoning map of Armenia is
difficult to understand for the

considering with the face of geological
structures.

We hope that the seismic 2zoning map will



be corrected based uvon the results of
the distribution of the seismic
intensity of each city at this
earthquake and the seismotectonics of
these area.

3. DYNAMIC PROPERTIES OF BUILDINGS

3.1 Microtremor measured on buildings

The buildings which were suffered severe
damages were concentrated to the
uniformly produced reinforced concre’-
apartment houses. Therefore, tin
microtremor measurement on buildings
were conducted to the research for the
change of dynamic behaviour between the
undamaged and slightly damaged buildings
and the relation of the occurrence of

damages. FOr the measurement of
undamaged buildings, we conducted in
Yerevan, the capital of Armenia,. For

the measurement of slightly damaged
buildings, we conducted in Leninakan and
Kirovakan.

The structural types of measured
‘buildings were selected to the 9-story

precast reinforced concrete frame
buildings, 9-story large-size panel
buildings, S-story stone-masonry

buildings with reinforced frame and ¢
and 16-story site-casted reinforced
concrete buildings.

3.2 Natuyral periods and critical darping
coefficients of building

The microtremor on the buildings were
measured 19 sites in Yerevan, Leninakan
and Kirovakan. The measurement in
Yerevan were recognized for the dynamic
properties of undamaged buildings. The
measurements in Leninakan and Kirovakan
were recognized for the properties of
slightly damaged buildings. The
measurement results are shown in Table
4,

The change of dynamic properties between
damaged and undamaged buildings for 3
structural types are appointed out as
follows:

1) 5-story Stone-Masonry Building : The
natural periods and critical damping
coefficients of undamaged buildings are
0.28 - 0.33 sec. and 2.2 - 7.2 4%,
respectively, The natural periods and
critical damping coefficients of damaged
buildings are 0.21 - 0.55 sec., 1.9 -
4.4 8, respectively. The difference of
the natural periods of damaged and
undamaged buildings are soO large,
because it is guessed that this causes
is based upon the deteriorative effects
of walls.
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2) 9-story Precast Reinforced Concrete
Frame building The natural periods of
undamaged buildings in the longitudinal
direction and transverse direction are
0.61 - 0.63 sec. and 0.46 - 0.53 sec.,
respectively. The natural periods of
damaged buildings in the 1longitudinal
and transverse directions are 0.83 -
1.07 sec., 0.81 - 1.00 sec.,
respectively. The natural periods of
damaged buildings are increased about 30
~ 40 % compared with the periods of
undamaged buildings. The critical
damping coefficients of damaged
buildings are 25 % larger than those of
undamaged buildings.

3} 9-story Large-Size Panel Building
The natural periods and critical damping
coefficients of undamaged buildings are
0.38 - 0.39 sec. and 1.2 - 2.5 %,
respectively. The natural periods and
critical damping coefficients of damaged
buildings are 0.40 -~ 0.46 sec. and 2.6 -
4.5 A, respectively. The natural
periods are not so changed between
undamaged and damaged buildings, but thke
critical damping coefficients of damaged
buildings are almost 2 times those of
undamaged buildings.

3.3 Relation between the building
damages and the dynamic behaviour of

BuiTdTngs

Every structural types of building were
suffered heavy damages during this
earthquake. The degree of building
damages was decided by the relation
between the dynamic properties of
building and ones of ground, instead of
the difference of structural systems.

However, by the inspection of damaged
feature, the most damaged buildings were
constructed by the uniformly procedure,
and had the almost same degree of
aseismic capacities. Then, it is
supposed that the building damages were
concentrately occurred by the passage

the some level of strong earthquake
motion.

For the construction of uniformly
housing complex, it is important that
the buildings have the sufficient

aseismic capacities and the wide
resistant performance to earthquake by
considering with the dynamic property of
ground. We considered that this
earthquake hazard is seemed to the one
example of warning to the building which
is constructed by the standard design.

4. DYNAMIC
RELATI B

BEHAVIOUR OF GROUND AND
DING D,

4.1 Measurements of microtremor on

ground surface




The dynamic properties of surface ground
are well known to effect the damage
degree of buildings during earthquake,
And also, the shapes of Fourier spectrum
of microtremor are well known t0 similar
to the shapes of Fourier spectrum of
strong motion earthquake. The amplitude
of Fourier spectrum of strong motion
earthquake is equivalent to the
amplitude of Fourier spectrum of
microtremor.

The measurement of microtremor on the
ground surface are done for the grasping
of the dynamic properties of ground.
The measurements were made to the
following two objectives:

1) The damaged buildings have the
natural periods of around 0.5 sec. of
precast reinforced concrete frame

buildings in Leninakan and the natural
periods of around 0.3 sec. of
stone-masonry buildings in Spitak and

Kirovakan. Therefore, the microtremor
were measured by the short period
seismometer (the natural period of

.pendulum is 1 sec.),

2) The microtremor by the long period
seismometer (the natural period of
pendulum is 3 sec.) were measured for
the estimation of cdeeper ground
structures in Leninakan,

4.2 Microtremor measured in and around
Leninakan

The microtremor of ground were measured
at 12 points in and around Leninakan.
The measured points are shown in Fig. 4.

The wave forms of microtremor are shown
in Fig. 5. Fig. 5(a) shows the six
points (11, 1, 3, 6, 9, 10) which are
lined from north to south direction of
Leninakan city. Figs. S(b), S5(c) and
S(d) -, ow the 5 points {11, 12, 8, 7,
10) from north to south of different
line of Fig. S5(a), 4 points (2, 1, 12,
5) and 3 points (6, 7, B) from west to
east direction, respectively. The
Fourier spectrum of each point are shown
in Fig. 6(a) and Fig. 6(b).

The relation between mean period of
microtremor and degree of building
damages in Leninakan was summarized as
follows:

1) In the northern area of Leninakan
(north part from Lenin square): The
mean period of microtremor of ground is
around 0.5 sec., and this period is
close to the natural period of 9~-story
precast reinforced concrete frare
buildings. So it is guessed that this
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fact might be one of causes of making
damages of this kind of bduildings more
seriously.

2) In the central area of the city: The
mean period of microtremor of ground is
0.2 - 0.3 sec., and this period is close
to the natural period of low-rise stone
masonry buildings. This fact might be
one of causes of making damages of this
kind ot buildings more seriously. It is
necessary to implement the more detailed
survey, because there are under ground
flows of river.

3) In the southern area of Leninakan:
The mean period is close to the period
in the northern area, but it's amplitude
is larger than of the northern area.

4) General trend of dynamic properties
of ground in and around Leninakan:
Leninakan city is located on the deep
sedimentary layer, and the predominant
periods of microtremor are effected by
the 1local sedimental condition of
surface layer. And so, the amplitude of
microtremor of some areas have
remarkably large according to the
material of surface ground at the very
shallow part,. These fact might be
caused the degree of damages of
buildings.

4.3 Microtremor measured in and around
SEitak

The microtremor of ground were measured
at 10 points in and around Spitak. The
measured points are shown in Fig. 7.

The wave forms of microtremor of each
points are shown in Fig. B8, and the
fourier spectrum are shown in Figs. 9(a)
and 9(b).

between mean period of
degree of building
summarized as

The relations
microtremor and
damages in Spitak are
follows:

1) sSeismic bedrock of Spitak: The
predominant period is very short (less
than 0.1 sec.) at the foot around the
hill, where a monument was constructed
at the top of this hill. The seismic
bedrock is located at the very shallow
in ‘hese area. Therefore, the dynamic
properties does not appeareac in the
microtremor, and the amplitude during
the earthguake was comparatively small.

2) The predominant periods in the heavy
damaged area of Spitak are the range
between 0.2 sec. and 0.4 sec., and these
periods are close to the natural period
of destructed buildings. So it is
guessed that this fact might be one of



causes of making damages of this kind of
buildings more seriously. And then, the
other cause of making damages is very
strong earthquake motion itself.

3) New developing area of Spitak: The
predominant period in new developing
area of Spitak iz almost close to that
in the damaged area of Spitak.
Therefore, it is necessary to construct
the more reinforced and more stiffened
buildings,

4,4 Microtremor mea:rured in and around
Kirovakan

The microtremor of ground were measured
at 5 points in and around Kirovakan. The
measured points are shown in Fig. 1l0.

The wave forms and the Fourier spectrum
of microtremor of each point are shown

in Fig. 11 and Fig. 12, respectively.
The relations between mean period of
microtremor and degree of Dbuilding

damages in Kiravakan are summarized as
follows:

1) The amplitude of microtremor at the
just front of the City-Office is about
1/3 times of the amplitude in heavy
damaged area. The predominant period in
heavy damaged area, where is located
very close to the City-Office, is 0.2
0.4 sec. This fact might be one of
causes of making damages of buildings
more seriously.

2) New developing area of Kiravakan:
The predominant period in new developing
area of Kirovakan is a little longer
than the period in the damaged area of
Kirovakan.

4.5 Relation between the ground
properties at the narrow valley and the
earthquake damages

At the city area, which is located at
the comparatively narrow valley in the
mountain zone (for example, the area of
Spitak or Kirovakan), the relations
between the ground properties and the
earthquake damages will be generally
appointed as follows;

l) At the area o0f outcrop part of
seismic bedrock or on the very shallow

sedimentary layer, the damages of
buildings were not so severe. The
amplitude of microtremor is small at the
range of short periods, but is
relatively large at the range of longer
periods. (example: the 2ill area of
Spitak, point 7. the central area of

Kirovakan, point 2)
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2) The building damages were more severe
by the more thickness of the sedimentary
layer. But, it is very clear to find
the relation between the damage and the
selectivity of voredominant period. The
amplitude of microtremor is remarkably
large at the range of short period, but
is not so remarkable at the range of
longer period, (example: the housing
complex area of northern part of Spitak,
point 2. the housing complex area of
north-western part of Leninakan, point
1)

4.6 Properties of
microtremor in Leninakan

longer period

microtremor
seismometer (the natural
pendulum is 3 second) in the new
developing area of northern Leninakan
find the predominant period of 3 4
sec. The 3 measured points, as
illustrated Al, A2 and A3, are shown in
Fig. 4. The wave forms of longer period
microtremor at each point are shown in
Fig. 13.

The by long period

period of

This long predominant period is caused
by the very deep sedimentary layer on
the seismic bedrock. This fact shows
that the seismic bedrock of Leninakan
area will be located at the several
kilometres bellow the ground surface.
The long predominant period in the new
developing area of southern Leninakan is
close to the period in the northern part
area. Therefore, the seismic bedrock in
and around Leninakan area is located at
almost same depth.

4.7 Relation between the earthquake
damages and the seismic nicrozoning

The one of the causes of heavy damage of
buildings is able to explain the
coincidence between the predominant
period of grcund and the natural period
of building. The other cause is very
strong earthquake motion itself.
Therefore, it is necessary to more
consideration of dynamic properties of

ground for the Seismic Microzoning. The
measurements of microtremor on ground
and building are very effective

procedure to estimate the predominant
period of ground and the natural period
of building, respectively.
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Table 1 Pparameters of Fault-Rupture Model

F;:;lt Disension L=35 k»
¥=12 ko
D=1.5 m {mean value)

Dip Direction NBO' ¥

Dip Angle 60°

Rupture Velocity 2.5 ka/sec

Table 2 Geological Conditions and Amplification Factors

Geological conditions | Amplification Factors
Thick Sediment 4.5
Hard Sediment 3.5
Tertiary Period 2.5
Paleogene Period 2.0

Table 3 wMaximum Acceleration and Seismic Intensity at Each Place

Place Name | Haxioua Seismic Intensity | Remarks
Acceleration (MsK)

SPITAK 2 Hore than 600 gal 10 Sediment (Deposit)

LENINAKAN 1 530 gal 10 Northern Area

SPITAK 1 520 gal 10 Hard rock

LENINAKAN 2 470 zal 9 Southern Area

STEPANAY 460 ¢al 9

APARAN 370 gal 9

KIROVAKAN 2 360 gal 9 Sediment(Deposit)

KIROVAKAN 1 250 gal 8 Central Area

GUKASYAN Hore than 228 gal 8 Unidentified Geolozy

YEREVAN 65 gal 6




Table 4 Dynamic Properties of Damaged and Un-damaged Buildings

Type of Damage Translation Torsional
Structure #]
and Longitudinal | Transverse Longitudinal | Transverse
No. of
Story Tsec |h¥ [Tsec |h% {Tsec |h% |Tsec |h%
Stone U 0.30 | 48] 033 | 7.2] 0.35 | 26| D.35 | 4.6
Masonry U 0.28 | 2.2} 0.28 | 4.6} 0.23 1.8) 023 | 1.1
5 D 0. 49 4,01 0.28 1.9} 0.41 4.7 0.41 3.6
D D. 44 2.6 0.21 1.9] 0.40 | 3.6 0.40 | 4.5
D 0.52 | 40| 052 | 7.4] 0.55 | 3.2] 0.56 | 4.1
D 0.55 3.4 0.55 | 4.4| 0.56 | 5.8 0.59 | 4.7
Precast vu 0.57 1.6 0079 | 1.1| 0.50 | 8.3| 0.54 [15.0
Frames v 0.43 |11.1| 0.63 1.4 ] 0.41 9.8 0.41 4.1
8 U 0.61 3.2| 0.46 .71 0.41 0.6f 0.42 | 2.5
U 0. 63 0.5| 0.53 | 2.3} 0.55 | 3.4| 0.55 | 3.4
D 0.93 ---1093 | —| 0.87 --—-1| 0.85 { --—-
D 1.07 -—! 086 | -1 09 | —{ 0.9 | ---
D 1.00 -— | 0.Bl —- | D.BO -— | 0.7 -—-
D 0. 83 --1 1.00 -=1 0.77 — 1 0.78 -——
Large U 0.38 2.2| 0.38 1.2] 0.30 | 2.3} 0.30 | 0.5
Pnel U 0.38 1.8} 033 | 2.5 0.29 1.4} 0.29 | 0.5
9 U 0. 46 4,5] 0.40 | 2.6 0.46 | 3.4 0.45 1.8
Honoiithic U 0.51] 2.6 0.32 2.2 0.27 0.9f 0.27 2.9
4
donolithic U 1. 10 7.8( 1.00 6.1 0.96 1.9] 1.18 1.3
16
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vnknown #] U:Undamaged D:Damaged U U:Undamaged and Under Construction
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