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FORWARD

The approprlate maintenance and retrofit of older existing brildges to ensure
they remaln serviceable In the long term Is becoming more and more fmportant. In
the llght of lessons learned through past selsmlc damage, a number of highway
bridges are considered to have low levels scismic safety from the view of current
deslgn practice. Therefore, it Is of considerable importance to develop methods
for the retrofit and strengthening of existing highway bridges which have high
vulnerabllity for sclsmic damage.

The Japanesc Minlstry of Construction has made seismic Inspections of highway
bridges throughout the country severs! times from 1871, and has also conducted
selsmic strengthening projects following these Inspecticns. As a result of such
strengthening  efforts, such as Installing devices for preventing the
superstructure from falllng, the selsmic safety of the highway bridges has been
increcased. Siwilar Improvement of bridge behavior in California has resulted from
an extensive program to Install restralners across superstructure movement
Joints. Further work Is still In progress to bring the strength of bridges up t o
present deslgn requirement #nd efforts are particularly being concentrated on
developing appropriate strengthening methods for bridge substructures.

On the other hand, In the United States, the damage to bridges during Loma
Prieta Earthquake of October 17, 1989 has made It necessary to urgently develop
methods for Increasing the selsmic performance of existing bridge substructures.
It is mutual bheneflt for both the U.S. and Japan to share the problems and the
methods for solving them in order to promote methods for Increasing the seismic
performance of bhridges.

Over the last 22 years, the Panel on Wind and Seismic Effects {(Japan side
Chalrman : T. Iwasakl, Director-General of Public Works Research Instltute,
Ministry of Construction, and U.S. side Chairman : R. N. Wright, Director of Center
for Bullding Technology, National Institute of Standards and Technology) under
UJNR (U.S.-Japan Conference on Development and Uttlizatlon of Natural Resources)
has promoted the sharing of InTormation and technology for mitigating the
effects of earthquakes on transportation systems. Separate workshops are also
held to facllitate further exchange of Information and ldeas on specific areas of
mutual Interest.

The following proceedings document the results of the First U.S.-Japan
workshop on Seismlc Retroflit of Bridges. This workshop was sponsored jolntly by



the Public Works Research Institute (PWRI) of Japan and the National Institute for
Standards and Technology (NIST) of the U.S.A.

The workshop was held at the PWRI facllities In Tsukuba Sclence City, Japan,
between December 17 and 18, 1990, and was organlzed by Task Committee J "Wind and
Earthquake Engineering for Transportatlon Systems, {Japan Side Chalrman : Y.
Shiol, Director of Bridege and Structure Department, PWRI, and U.S. Slde Chairman
: J. Cooper, Deputy Chief, Structures Division, 0ffice of Engineering and Highway
Operations Research and Development, Federal Highway Administration,)” Panel on
wind and Selsmic Effects, UJNR.

The alms of this workshop were: (1) to bring together experts from both
countries to exchange technlcal Information on current research and practlcal
efforts belng made In the area of selsmic Inspection and strengthening of bridges.,
and (2) to ldentify future needs and opportunities between the two countries for
cooperative research.

A broad range of special technical toplcs were presented at the workshop.
These Included:

O History of Seismic Damage and Preparation of Seismlc Design Codes

O Damage to San Francisco Bridges in the Loma Prieta Earthquake

O Assessment and Prioritization of Yulnerable Bridges

(O Inspection and Strengthening Methods for Reinforced Concrete Bridge Plers

O Research on Seismic Retrofitting and Strengthenlng of Reinforced Concrete

Bridge Plers

O Research on Selsmic Retrofitting and Strengthening

In total, nlneteen papers were presented In the two days of plenary sessions;
12 papers from Japan and 7 papers from the United States.

The material in the proceedings are presented as follows: (1) all technical
papers are given In the order in which they were presented during the workshop:
(2) resolutions that were unanimously approved by the partlcipants during the
closing session of the workshop. The workshop program and list of particlpants
are given In the Appendices of the proceedings.

In concludlng the forward, we wish to express our profound gratitude and
sincere appreclation to all participants in the workshop for supporting the
workshop by actlve discussion. We were able to close a very successful workshop
in which participants from both sides came to understand the problems and



solution methods used by the other countries through the exchange of lmportant
technlcal Infurmatlon on the seismic retrofit of bridges.

Grateful thauks are extended (o Japan Highway Public Corporatlon,
Mcetropolltan Expressway Public Corporation, lanshin Expressway Fublic
Corporation, and Henshu-Shikoku Bridge Authority for the generous cooperation
In the workshop and In particular during the study-tour of seismlc sirengthening
efforts and construction projects In Jupan. We also would like to thank Dr. G.A.
MacRkae of PWRI for translating Engllsh Into Japanese and vice versa for lapanese
participants, and the assisting staff, Messrs. K. Tamura, S. Unjoh, H. Nagashima,
H. lida, and H. Shimlzu of PWRI for the smooth progress of the schedule.

Kazuhiko KAWASHIMA, and
M. J. Nigel PRIESTLEY

December 18, 1990






TABLE OF "CONTENTS

Sesslion |1 : Ilistory of Scisale Damage and Preparation ol Scismic Deslgn Codes

1) Secismic Design, Selsmic Strengthening and Repalr of Highway Bridges oo 3
In Japan
(K.Kawashima)

2} Bridge Subslructures and Deslgn Mothods oo &2
(M.Okahara, S.Takagl and S.Nakatanl)

3) Design Detatls of Reinforced Concrete Bridges In Japan  ooromeee o - 89
{(T.Akimotlo}

Session 2 @ Damage Lo San Francisco Dridges 1o the L.oma Prieta Earthquake

1) An Overview of Highway Damage to Bridges During the Loma Prieta [
Farthquuake
(M.S. Lew)

2} San Franclsco Bouble Deckers - Observed Damage and a Possible Retrofit--- - 140

Solution
M.J.N.Priestley. F.Sclble)

3} Full-scale Tests on the Cypress Vladuct - o 156
(S.Mahin and J.Moehie)

Scssion 3 ¢ Assessment and Priloritization of Vulnerable Bridges

1} Assessment and Retrofit Research for Multi-ievel, Multl-column Bents *=-- 175
(S.Mahln and J.Moehle)
2) Prioritizing Bridges for Selsmic Retroflt ---ooroorrmmrrerrirr 187

3) Damage and Performance Asscssment of Fxisting Concrete Bridges Under ------ 203
Seclsmic Loads
(F.Selble and M.J.N.Priestley)

4) Large Earthquake Countermeasures for bridge Substructures on Tomef -+« 223
The Expressway
(T.Tsuboucht, K.Ohashl and K.Arakawa)

Scssion 4 : " Inspection and Strengthening Methods for Relnforced Concrete Bridge

Plers
1) Seilsmic Inspection and Selsmic Strengthening of Reinforced Concrete - 251
Bridge Flers with Terminatlion of Maln Reinforcement at Mld-Helight
(K.Kawashima. S.Unjoh and H.Iida)



2) Selsulc Strengthening of Reinforced Concrete Bridge Plers on ~rorvremveeoreees 280
Metropolitan Expressway
(T.Akimoto, H.Nakajima and F.Kogure)

3) Seismic Strengthening Method for Relnforced Concrete Bridge Plers on "~ 299
Hanshin Expressway

Session 5 ;' Research on Selsale Retrofitting and Strengtheniag of Reinforced
Concrete Bridge Plers

1) Retrofit of Bridges Columns for Enhanced Selsmlc Performance oo 321
(Y.H.Chal, M.J.N.Priestley and F.Selble)
2) Study on Ductility Estimation of Flber Mixed RC Members oo 341

Reinforced Concrete Bridge Plers
(T.Matsuda, T.Sato, H.Fujlwara and N.Hlgashlda)

Session 6 @ Rescarch on Seismle Retrofitting and Strengthening -

1) Fallure Criteria of Original and Repaired RC Members with Hybrld «-oeeeee 377
Experiments
(H.lecmura, K.Izunoc and Y.Yamada)

?) Formulation of Ductllity of R/C Members and Influence of Ductiiity on----* 395

Response of Behavior in R/C Frame Structures
(H.Mutsuyoshi and A.Machlda)

3) Repalr and Ret‘rorlt or Steel P[ers ............................................................... 405
(G.A.Macrae, K.Kawashima and K.Hascgawza)

RESOLUTIONGS oo e emiiasieareraasassamasiceRtaacerest st aneirrrns 425

APPENDICES
'ORKSHDP PROGRM ............................................................................................ 429
ITINERARY OF STUDY -TOUR 1« v reeeeeter et nait st aaaisas s sss s sr st e 433
PARTICIPANTS fvrrerrt rrrs e sr et st r sttt oLt 434




Session 1

History of Seismic Damage
and Preparation of Seismic Design Codes

1) Seismic Deslgn, Seismic Strengthening and Repalr of Highway Bridges
in Japan
(K.Kawashima)

2) Bridge Substructures and Design Methods
(M.Okahara, S.Takagl and S.Nakatani)

3) Design Detalls of Relnforced Concrete Bridges in Japan

{T.Akimoto)



SEISMIC DESIGN, SEISMIC STRENGTHENING AND REPAIR OF
HIGHWAY BRIDGES IN JAPAN

Kazuhiko KAWASHIMA

Head, carthquake Englneering Divislon, Publlic Works Research Institute,
Ministry of Construction, Tsukuba Science City, Ibaraki-ken, Japan

SUMMAKY

This paper presenls earthquake hazard mitigation efforts for road
transportation fuacilities In Japan. Emphasis Is placcd on seismic disaster
prevention measures for highway bridges. Description is firstly glven to
seismic damage developed In the past earthquakes and the history of the
development of ‘hLe selsmlc design method. Current seismic practice Is then
presented based on the latest version of Selsmlc Design Specifications of
Highway Bridges issued by the Ministry of Construction in 1990. Description
is also glven to new technical developments for passive and hybrid control
of highway bridges, and for disaster information gathering and processing
systems. Seismic {nspection and strengthening methods based on the past
experlences are presented. Finally, an assesswent and repair method for
sejsmically damaged highway bridges is presented.

INTRODUCTION

l.ocated along the Pacific Selsmic Belt, Japan is one of the most
seismically disastrous countries in the world and has often suffered
stgnilficant damage from large earthquakes. Considerable efforts have been
pald to earthquake hazard mitigation for transportation facllities. In
particular, seismic safety of highway bridges has been a major ccncern
because damage of highway bridges causes extensive Interruption of road
transportation and restoration often requires long time.

This paper presents pre-earthguake and post-earthquake measures for
mitigating earthquake hazards on road transportation faclilities In Japan,
with emphasis on countermeasures for highway bridges. Development of new
technology for reducing structural response by means of passive and hybrid
controi, and for disaster (nformation gathering and processing systems Is
also presented,

DAMAGES OF OIGHWAY BRIDGES IN THE PAST EARTNIQUAKES

Highways In Japan consist of the Expressways (3,721 km), Natlonal
Highways (46,661 km), Prefectural Roads (128,202 km), and Municipal Roads
{925,138 km). Along the highways and roads, excluding the Municipal Roads,
there are about 50,000 bridges with the length of 15 m or longer.

Preceding page blank



Table 1 shows the highway bridges which suffered damages In the past
earthquakes since the Kanto Earthquake of 1923. It should be noted that
although there were many bridges which suffered damages due to
carthguakes, number of bridges which fell down Is only 15.

Based on the survey of the damaged bridges, It Is pointed out that there
were three major factors which contrlbuted to the damages of the bridges
as'’'

a) weakness of substructure,
b) weakness of bearing supports, and
c) weakness of surrocunding subsolls.

From such factors, the following tvpes of damages were most often
developed in the past :

a) subsiructure : tilting, settlement, sliding, cracks, and overturning

b) superstructure : movement, buckling and cracks near the supports, and
falling of girder

c) bearing supports : fallure of supports, and puli-out or rupture of
anchor bolts

Table 1 Damage of Highway Rridges in the Past since Kanto Earthquake of

1923
DATE EARTHOUAKE MAGNITUDE | o S n::n,{';?s:ivil:cn

1923.9.1 | XANTO 19 1185 5

18481220 | NANKA! Y 8 }

1948, 628 | FURUI 1i w3 1

19081228 | tMAICHI 54 ) 0

1952. 3.4 | TORKACMOKI 8 1 0

1962. 430 | MIVAGI-KEN-MOKUSU 85 187 0

1964. 818 | NIGATA 15 ) 3

1960 221 | EBING 8 0 v

1968. 518 | TOKACWI-OKI 19 101 0

1078 1.14 | 12U-DNSHIMA 10 7 0

1978, 8.2 | MIvAGILKEM.OK) 14 % '

1982. 321 | URAKAWAOKI T 5 ]

1963. 528 | WHOMNXALCHUBY 2] " 0

1984 914 | NAGANO-KEN-SEMU s " '
TOTAL ] 15




Although these sorts of damage are the ones commonly observed in the
past earthquakes., the damage types have been changing in accordance with
the progress of the scismic design method and improvement of construction
practice. Seismic damage since the 1923 Kanto Earthquake may be classified

into three stages from their significance “'(refer to Table 2),
Stage 1 - Damage duc to Inadequatle Strenglh of Foundations

After experiencing the destructive damage of the 1923 Kanto Farthquake
the first requirements for scismic design of highway bridges were included in
the "Details of Road Structures (Draft)” issucd by the Ministry of Internal
Affales in 1926. No scismic c¢ffects were considered for design of highway
bridges prior to the Kanto PFarthqguake. Even after the first stipulations
issued in 1926, seismic design was not adequate because the stipulations only
described design force levels without providing a detailed design method or
design details. Therefore, seismic safely of bridge substruclures was
inadequate until the 1930's when scismic design for foundations and
substructures came 1o he wldely adopted.

In those days, when seismic effects were cither disregarded or
inadequately considered, scismic damage was characterized by failure of
foundations and substructurcs as shown in Photos 1 and 2. In most cases,
foundations tilted, moved or even overturned due to inadequate strength of
the foundations and ithe surrounding subsoils. This led to falling-off of the
superstructures.

Photo 1 Damage of Sakawa-gawa Bridge on National llighway No. 1 by the Kanto
Earthquake of 1923
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Table 2 Change of Damage Typces

Sersmic Inspection

of Highway Bridges

Yeor Mojor Earthquokes honge of Major Seismic 1
f [} Chang jor Seismic Damage Suismic Design Melhod and Strengthening
| 1920 Failure of Superstructure due to
1923 Konto Earthquoke (M7.9) Tiltng/Movement of Foundotion
1926 Intigtion of Sersmic Design { Cetails of
Road Structures)
F 1930
'F:‘I’;:‘J'B:Lﬁ:;c"" around 1939 Introduction of Standard Seismic Coefficient
- 1940 | | {Design Specificotions of Steel Highway Bridges !
| 1
1946 Nankai Earthquake (M8.1) | : f?;: :?:c?::\ to |
1948 Fukyi Eorthquake (M7.3) | | | .
- 1950 | R ?
1952 Tokochi-oki Eorthquoke l I | |
[m8.1)
f | i ! Faiture of 1956 Seismic Coefficient depending on Zone and
| p | | RCPiers,ond Ground Condition (Design Specifications of
- 1960 IB"'"“'? Steel Highwoy Bridges)
1964 Niigota Earthquoke (M7.5) | |
| |
| |
- 1970 | | 197t = Seismic Coetficient cepending on Zone, Groung | 1971 Sesmic
Conditions, ImpoEnonce and Structural hcsponse Inspection
L , ® [ntroduclion of Evglugtion Method for
978 ;;{;’49""'"'“" Earthquoke Liquefaction (Specifications for Seismic Design] | 1976 Seismic
180 g 1980 @ Part ¥ Seismic Design, Specifications for Design 1979 ;mﬂmn
1 kgwo-oki Earthquake of Highway Bridges eismic
ez (UNT'GI,:'I.“ o Eortha o Introduction of New Evoluation Method for Inspection
1983 Ninon- kai -chubu Liquetactians 1986 Seismic
Earthquake (M7.7) Inspection
1990 1990 Part v Seismic Design, Specifications for Design
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I'hoto 2 Damagoe of Nakazeno Bridge by the Fukui £arthquake of 1948

Stage 2 Damage due to Soil Liquefactlion

Although the damage due 1o inadegquate strength of foundations became
less frequent in ecordance with tae improvement of  scojsmice design and
construction methods, the next stage of damage encountered was soil faiture
during the 1964 Niigata Farthguake. Soil liguefaction, which took place
extensively around <ites, caused destructive damage to bridges. Photos 3
and 4 shows the faliing off of the decks ot The Showa Hridge, Extensive soil
movement associated liguetfaction caused largpe Iateral movements of bent
pile foundaticns, which caused the dropping off of the deck.

-

Photo 3 Damage of Showa Bridge by the Nifigata Farthquake of 1964



Photo 4 Damage of lligashi-Koscn Bridge by the Niigata FEarthquake of 1964

Through the damage., It was learned that it is Important to take account
of liquefaction in design of brideges. and various studies for assessing and
evaluating the coffects of liquefaction were Initiated. Through such studies,
the first stipulations for asscessment of Jiquefaction were introduced in the
“Seismic Design Specifications of Highway Bridges”™ in 1971,

One more important lesson gained from the Niigata Earthquake was that
devices for preventing falling-off of superstructures from the crest of
substructures arec required. It was considered that even if large relative
movements between the deck and substructures occurred due to elther
fallure of substructurcs or failures of scils such as soil liquefactlion,
critical fallure causing falling-off of deck could be prevented If such
devices were provided. Various devices were then developed, and deslign
recommendations were included in the Seismic Design Specifications of
Highway Bridges issued in 1971.

Stage 3 - Damage Lo Picrs and Rearing Supporls

In recent earthquakes including the Miyagi-ken-oki Earthquake (M7.4) of
1978 and the Nihon-kal-chubu Earthquake (M7.7) of 1983, substantial damage
due to inadequate strength of foundations and effects of soll liquefaction
was not developed In those bridges designed and constructed in accordance
with the recent design specifications. However, damages to reinforced
concrete piers and bearing supports were developed extensively as shown In
Photos 5, 6 and 7. This is duc to the fact that other modes of fallures such
as tilting or movement of the foundations, soil liquefaction, and falling-off
of superstructures werc prevented by the new design recommendatjons.

The new strengthening and earthquake resistant countermcasures brought
damage at the next weak points such as the reinforced concrete piers and
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Photo L bamage o Beinforced Conerete Piors of Sendal Bridge by the
Mivagi hen oni Farthquake of 1578

Photo 6 Damage to Bearing Supports of Da te Bridee by 1he Mivagi ken oki
Farthquinke of 1978
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Photo 7 Damage to Reinforced Concrete Plers of Shizunai Bridge by the
Urakawa-oki Earthquake of 1982

by shear at the mid-height of the reinforced concrete piers where main
reinforcement was terminated. In the design specifications Issued prior to
1980, the main reinforcement was terminated with the bond length of 12 times
the diameter of the maln reinforcement. Through the damage, such as that
shown in Photo 7. the bond length was revised in the 1980 specifications to
12 times the dlameter of the maln reinforcement plus the effective width of
the pler.

HISTORY OF SEISMIC DESICN OF HIGHWAY BRIDGES

Scismic design was Initiated for highway bridges In 1926 after the
experience of the Kanto Earthquake in 1923. The importance of considering
selsmic effects in design of highway bridges was recognized from the
extensive damage developed by the Kanto Earthquake. The first stipulations
requiring seismic effects for highway bridges were included in "Detalls of
Road Structures (Draft)” Issued by the Ministry of Internal Affairs In 1926.
It was stipulated in the draft detafls that the maximum lateral force
expected to develop at the site shall be considered in seismic design. It was
also recommended in the draft details that 30 % of gravity force shall be
adopted for the reconstruction of the bridges damaged by the Kanto
Earthquake at Tokyo and Yokohama.

After experiencing significant damage durlng strong earthquzakes seismic
regulations were reviewed and amended several times as shown In Table 3.
"Design Speclfications of Steel Hlghway Brldges (Draft)” were Issued in 1939,
and "Design Speccifications of Stecl Highway Bridges™ and thelr revised ver-
sion were Issued in 1956 and 1964, respectively. A seismic lateral force of 20
X of the gravity force was stlpulated in these specifications. The 20 %



Table 3 History of Dcsign Scismic l.oads for Nighway Bridges in Japan
. 7\’;;{ ﬁﬁimme of Reguiations ) Selsmlc Dest n Metheds  Diher Stipulatons for ida or Larth ; .
e gn vet Seismic Effects _ Tior tarinquakes
1885 Order No. 13, Minislry of Not Considered Nm Considered ‘ )
' Internal Affairs _ 1881 Nohbi [M8.4)
1926 , Denails of Road Structures Seismic Coefficient iﬁEC;Jnrs'i&eiéd "7 1823 Kanto [M79) ;
(Oraft). Road Law. MIA  Melhed :
ky=0.15~04 lku;ﬂ.:‘ ! i
advised in Takyo and 7
o Yuknhamal — ; 1
1939 Design Spacifications of "Seismic Coelficient "Not Considered o ‘
Stee! Highway Bridges  Melhed : - 1946 Nankai [MB81) |
3 IDraIl] MIA lkn=0 2. k=0] L ) ) 1948 Fukui [M73) i
1956 Desngn Specifications of “Seismic Coelficient Not Considered
fand 1864]  Steel Highway Bridges.  Method 1952 Tokachioki (MB2) |
© " Ministry of Consiruction _(ke=0.1~0.35) 7 11964 Migata (M75) |
1871 " Specifications for Seismic ® Seismic Coefficient ® Evaluation of Sandy |
*Design ol Highway Method Layers Vulnerable to :
-Bridges, MOC [kw=0.1~024} Liquelaction :
s Modified Seismic o [evice lor Preventing
Coefficient Method Falling-off of 1978 Miyagi-ken-oki
o [k=0.05~0.3] ~ Superstructure M74) ‘
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gravity force was considered for leong time as a basic design force for
highway bridges.

The first comprehensive selsmic design stipulations were issued by the
Ministry of Construction in 197! in a separate volume exclusively for seismic
design as “Specifications for Selsmic Deslgn of Highway Bridges™™ . It was
described in the specifications that lateral force shall be determined
depending on zone, Importance and ground condition in the static lateral
force method (seismic coefficient method) and structural response shail be
further consldered in the modified static lateral force method (modified
seismic coefficient method). Evaluation of soll liquefaction was firstly
incorporated In view of the damage caused in the 1964 Niigata Earthquake.
Deslgn details to increase the selsmic safety such as devices for preventing
falling-off of supersiructure from substructures were newly [ntroduced.
Design methods for substructures were also {ssued between 1964 and 1971 in
the form of T"Design Specifications of Substructures”. Therefore, it is
considered that considerable Increase of selsmic safety was made for those



bridges designed and constructed [n accordance with the 1971 Specifications.

The 1971 specifications were revised by the Minlstry of Construction in

the form of "Part V Seismic Design™ of the "Deslign Specifications of Highway
Bridges™ In 1980. The Design Specificatlons of Highway Brldges consist of
"Part | Common Part™, "Part Il Steel Bridges”, "Part 11l Concrete Bridges”,
"Part IV Foundations™, and "Part V Seismic Design”. Although the Part V was
essentlially the same as the 1971 Specifications, &4 ratlonal evaluation method
for predicting soil liquefaction as well as practica! design methods at the
time when liquefaction is judged to occur” was included In the Part V
Seismic Design.

The latest spocifications were issued by the Ministry of Construction in
February 1990 In the form of "Part V Seismic Design " for the ™ Design
Spccifications of Highway Bridges™ . Major revisions introduced In the
1990 Specifications were uniflcation of static latcral force method (seismic
coefficient mcthod) and the modified static lateral force method (modified
seismic coefficient method) Including the revisjon of the seismic design
force, a new method for computing inertia force for multi-span continuous
bridges., a new ductility check for reinforced concrete piers, and detailed
stipulations for dynamic response analysis. These ravisions were
fncorporated based on the recent studies for predicting earthquake ground
motions and strength of reinforced concrete plers™ ~ '

SEISMIC DESIGN OF RIGHWAY BRIDGES
Dutline

llighway bridges are vital components of highways, and they have to be
safe enough agalnst earthquakes so that the function of highways be
maintained, They have to be used without loosing any structural functions
against small to moderate earthquakes which have high to moderate
possibillty of occurring at the site. Critical fallures causing total
collapse of a bridge have to be avoided even during significant earthquakes
such as the Kanto Earthquake of 1923.

The "Part V Seismic Design™ of the "Design Specifications of Highway
Bridges™ is applied for the selsmic design of highway bridges with span
lengths not longer than 200 meters. The specifications stipulate the
acoption of the static lateral force method (seismic cocfficient method)
based on the allowable stress design approach. A check of the ductllity for
reinforced concrete plers (Check of Bearing Capacity of Reinforced Concrete
Plers for Lateral Force) and dynamlc response analysls are recommended In
accordance with flow chart presented In Fig. 1. Emphasis Is placed on the
need to Install devices for preventing falling-off of the superstructures
from the substructures.

The "Part V Selsmic Deslgn” of the "Deslign Specifications of Highway
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Bridges™ have the contents as®™ :

Chapter 1 General

1.1 Scope and Application
1.2 Definitlon of Terms
Chapter 2 Basic Principles of Scismic Design
Chapter 3 l.oads and Design Conditions in Selsmic Design
3.1 Loads and Combinations for Seismic Design
3.2 Effects of Earthquakes
3.3 Inertia Force
3.3.1 General
3.3.2 Computation Method of Natural Perlod
3.3.3 Computation Method of Inertla Force
3.4 Dynamic Earth Pressure
3.5 Hydrodynamic Pressure
3.8 Ground Conditions for Scismic Design

3.7 Scoil Layers of Which Bearing Capacity Shall be Decreased In Selsmic
Design

3.7.1 Genecral
3.7.2 Sandy Layers Vulnerable to Liquefaction
3.7.3 Very Loose Clayey and Silty Soil Layers

3.7.4 Soll Layers of Which Bearing Capacity Shall be Decreased and
Treaiment of the Layers

3.8 Ground Surface Assumed In Seismic Design
Chapter 4 Seismic Coefficient
4.1 General
4.2 Standard Horizontal Selsmic Coefficient
4.3 Modification Factors for Standard Horizontal Seismic Coefficient
Chapter 5 Check of Bearlng Capacity of Reinforced Concrete Plers for
Lateral Force
5.1 General
3.2 Check of Safety
5.3 Horizontal Selsmic Coefficlent for Check of Bearing Capacity of
Reinforced Concrete Plers for Lateral Force
5.3.1 Equivalent Horizontal Seismic Coefficient for Check of Bearing
Capacity of Reinforced Concrete Plers for Lateral Force
5.3.2 Horlzontal Seismic Coefficient for Check of Bearing Capacity
of Reinforced Concrete Plers for Lateral Force
5.4 Bearing Capaclty of Relnforced Concrete Plers for Lateral Force
5.4.1 Bearing Capacity of Reinforced Concrete Plers for Lateral
Force, Allowable Ductllity Factor, and Equivalent Natural
Perlod

5.4.2 Bearing Capacity, Ylelding Force, Ultimate Displacement and
Yielding Displacement
5.4.3 Bearing Capacity of Reinforced Concrete Plers for Shear
Chapter 6 Dynamic Response Analysis
6.1 General
6.2 Dynamlc Response Analysis Method and Analytical Models
6.2.1 Method of Dynamic Response Analysls



6.2.2 Analytical Models
6.3 Input Ground Motions for Dynamic Response Analyslis
6.3.1 Acceleratlon Response Spectra for Modal Response Spectral
Analysls
6.3.2 Accelerations for Time History Analysis
6.4 Check of Seismic Safety
Chapter 7 Structural Detalils in Seismic Design
7.1 General
7.2 Device for Preventing Falling-off of Superstructure from
Substructures
7.2.1 General
7.2.2 Devices for Preventing Falling-off of Superstructure
7.2.3 Distance between Edge of Crest of Substructure and Edge of
Deck
7.2.4 Devices for Fall of Deck
7.3 Design Details for Seismic Design at Bearing Supports
Chapler 8 Devices for Reducing lateral Force

{Appendix)

References on Liguefaction

Examples of Classification of Ground Condition

. References on Design Ground Motlion

. Example of Computation of Natural Period and Inertia Force

. Reference on Bearing Capacity of Reinforced Concrete Plers for
l.aterai Force

VI. Practlces of Design Detalls for Selsmic Design

<28 = -

Scismic Lateral Force for Statlc Lateral Force Method

(1) In the static lateral force method {(seismic coefficient method), the
horizontal design seismlc coeffic'ent shall be determined by Eq.(l), but no
less than 0.1.

Kr,=CzsCavCreCT* Kr 1

where

k+ : design horlzontal selsmic coefficient,

krc : standard deslgn horfzontal seismic coefficlent (=0.2),

c= : modification factor for zone (refer to Fig. 2},

s : modification factor for ground condition (refer to Table 4),

c: : modification factor for Importance {refer to Table 5),and

¢t : modification factor for structural response (refer to Table 6).
For computing {nertia force associated with the welght of solls
and dynamic earth pressure, ¢+ shall be 1.0.

Fig. 3 shows the horizontal selsmic coefficlent assuming c¢- = ¢, = 1.0.
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Fig.2 Scisaic Zoning Map and Modificaticn Coefficicent ¢z

Table 4 Ground Conditlon Factor ca

Ground Group I 11 !
e 0.8 1.0 1.2
Table 5 Importance Factor c,
Group <, Definition
Bridges on expressway (limited access highways),
1t class 1.0 general national road and principal prefectural
road. Important bridges on general prefectural
road and municipal road.
2nd ciass n.R Other than the above
Table 6 Structural Response Factor cor
Ground Group Structural  Response  Coefficient ¢
T < 0.1 0L1ISTS 11 1.1 <« T
Group [ ¢, = 269TP2100| ¢ = 125 |c, = 133IT®
T < 02 02sTS13 13 < T
Group IT 1 ¢ = 21572100 ¢, = 125 |c = 149T%
T < 0.34 034 STS1S| 15<T
Group Il | ¢« 180T"2100| ¢ =125 [c = 1L.64T™
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(2) The vertical deslgn selsmic coefflcient may be generally consldered as
zero, except for bearing supports,

(3) The sclismic lateral force for structural members, scils and water below
the "ground surface assumed in seismic design” shall he considered as zero.
The ground surface assumed In seismic design depends on soil condition at
the site, and Is generally assumed as the base level of footing for pile
foundations.

{4) Hydrodynamic pressure and earth pressure during earthquakes are
stipulated in the specifications.

(5) Increase of allowable stresses of materials may be considered in seismic
design. The magnitude of the [ncrease for specific materials is specifted in
the respective parts. For seismic design of substructures, the allowable
stress Is increased 1.5 tlmes for a load combination of primary load and
seismic effects.

Classification of Ground Condition

Ground conditions are classified into three groups according to Table 7,
in which characteristic value Ts shall be evaluated by Eq.(2).

Table 7 Classificatlon of Ground Condition
f i

| GROUND CONOITION | DEFINITION | APPROXIMATE [srmnuq
1 GROUP | |  Te<ozses TERTIALY OR OLOER
—+ - 1
BROJP U | 02 Te<OBSEC | ALLUVIUM AND DILUVIUM
| ehowem | 06sTe | SOFTALLUVM
4h,
- = —L 2
TJ {: V&i ( )
where



Ts : characteristic value (sec)

H: : thickness of I-th subsecil layer {(m)

V.: : shear wave velocity of i-th sublayer (m/sec)

[ : sublayer's number counted from ground surface

Evaluation Method of Inertia Force

Inertia forces In the static lateral force method shall be applled to
bridges in two ways depending on the seismic design structural unit. The
seismic design structural unit shall be selected In accordance with Table 8.

Natural perliod and the Inerila force shall be determined as:

1) Seismic design structural unit consjsting of a substructure and the part
of superstructure supported vertically by the substructure

Natural period and inertia force shall be determined by Egs.(3) and (4)

Fl: = k}',{Ri (3)

T=201y 6 (4)
where

F

Inertia force assoclated with dead weight of superstructure for
design of [-th substructure

K seismic coefficient considered for i-th structural segment

R. : reaction force developed at I-th substructure due to dead weight
of the part of superstructure supported by the I-th
substructure,

T natural period, In second, of the seismic deslign structural unit

é

lateral displacement, in meter, of the substructure subjected to
a lateral force equivalent with 80 % of the dead weight of a
substructure above the ground surface assumed [n selsmic design

and the dead weight of a part of the superstructure supported by
the substructure.

2) Setsmic design structural unit consisting of several substructures and
the part of superstructure supported vertically by the substructures,

Inertia force shall be evaluated in accordance with Flig. 4, l.e.,

1) idealize the bridge by a linear elastic frame model

i1) apply a lateral force equivalent with the dead weight of superstructure

and substructures above the ground surface assumed in selsmic design, and
compute the natural period as

T=201/6
(5)
5 - f w(s)u(s)“ds
§ w(s)u(s)ds
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Fig.4 Determination of Inertia Force

where
w(s} : dead weight of the seismic design structural unit (superstructure
and substructure above the ground surface assumed In seismic
design) at peint "s" (tf/m}
u(s) : lateral displacement developed in the seismic design structural
unit at point "s™ (m} when subjected to w(s) in the direction
consldered {n design.

111) determine the seismic coefficient k» depending on the natural period T.
Iv) compute inertia force as

Fa = KnXF (7

where
Fa : shear force {tf) or bending moment (tfm) due to Inertia force
k- : selsmic coefficient
F : force developed In the seismic design structural unit when
subjected to a lateral force equivalent to the dead welght of the



seismic design structural unit above the ground surface assumed in
seismic design (t{/tfm)

For substructures supporting girder bridges, the shear force developed

at the center of gravity of the superstructure shall be regarded as the
lateral force for seismic design of substructures. However, when the inertia

force computed by Eq.(7) Is smaller than the Inertia force ccmputed by
Eq.{3), the Iatter shall be adopted for design. This necds some explanation.
The inertia force computed by Eq.{7) is approximately proportional to ithe
stiffness of each substructure. This implies that the majority of the inertia
force tends to be carrled by the substructures with higher stlffness.
Depending on the stiffness distribution of substructures, the inertia force
carried by piers with lower stiffness takes even negative velues. However, |if
fajlure of the structure, such as at a bearing support, occurs, the
contribution of load carried by ecach substructure will be changed from the
distribntlon computed by Fq.(7). Based on such conslderations. a lower limit
for the Inertia force evaluated by Eq.(7) is included.

Strength of Sandy Soll Layer for Liquefaction

(1} Sandy Soil Layer Needed to be Checked for Liguefaction

Saturated alluvial sandy layers which have the water table within 10 m
from the ground surface and have D-z-values on the graln size accumulation
curve between 0.02 and 20, mm are vulnerable to liquefaction up to a depth
of 20 m below the ground surface, and liquefaction potential of these layers
shall be estimated according to item (2).

(2) Estimation of Liquefactlon °

For those soll layers which are judged to be vulnerable to liquefaction,
liquefaction potential shall be checked based on the liquefaction resistance
factor F. defined as

FL=R/L (8)

where
F. : liquefaction resistance factor

R : resistance of soll elements against dynamic load defined as
R=R, + Rz + Ra

N
R = 0.0882 f 7 0.7
I .19 {0.02 mm s Deo = 0.05 mm)
R: = | 0.225L0g:(0.35/D=-c) (0.05 mm< D-gs 0.6 mm)
-0.05 (0.6 mm< Dec £2.0 mm)

R. = [ 0.0 (0% sF-=40 %)

* 7| 0.004F:-0.16 (40 X <F-<100 %)

N : N-value of standard penetration test

D-=o : averaged grain size on grain size accumulation curve
F- ! fine sand {grain size less than 74 uzm) content

L : dynamlc Joad Induced In sofl elements during an earthquake



defined as

L=ra.*ks 7z

.
W

rs = 1.0-0015x

X : depth from the ground surface (m)

K. : selsmic coefficient for evaluating liquefaction, and shall be
determined as
k. = Cz*Cn* Cr* Kao

¢z, C» and ¢; : modification factors for zone, ground conditlon,
and importance(refer to Fig. 2, Table 4 and Table 5)

K.o : standard design horizontal selsmic coefficlent for check of
liquefaction [ = 0.15)

o - total overburden pressure (kgf/cm™), and

T w= {7tlh"'* 722(X'h'}} /10
g -': cffective overburden pressure (kgf/cm®), and
g-" = {gxihe ¢t v2{x-h- )} /10

Soll layers having liquefaction resistance factors, F., smaller than 1.0
shall be judged to liquefy during earthquakes.

(3) Treatment of Soll Layers Which Were Judged to Liquefy

For those soll layers which were Jjudged to liquefy In the above
estimation and which are within 20 m from the ground surface, the spring
stiffness and other soll constants shall be efther neglected or reduced In
seismic design as shown in Fig. 5, by multiplying the original spring
stiffness and other soll constants by the reduction factor De which is
determined in accordance with F_-value and tabulated in Table 9.
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= - B! =] M/
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FORCE INERTIA
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Fo<os. | =4[ FOOTNG e X
. _- . . "' ! . I - RZ ‘. .. -A
e e i | T -
L00SE saND - LA B ks (i xsDetFL)
6<F<iO. .-, ' -REL: 3 ] + ke # keDelFy)
STIFF GRAVEL- - = '} 41, ks f ks
Fo>10 Seo=T WA ke

Fig.5 Treatment of Soil Layers Yulnerable to Liquefaction

Check of Bearing Capacity of Reinforced Concrete Plers for Lateral Force
To prevent reinforced concrete plers from failing {n a brittle manner,

it Is recommended that the bearing capacity of the reinforced concrete plers
be checked in accordance with the flow-chart presented In Fig. 8.
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Fig.6 Check of Bearing Capacity of Reinforced Concrete Pier For Lateral
Force



1) Judgement of bearing capacity of reinforced concrete piers for lateral
force
Bearing capacity of reinforced concrete piers for lateral force shall be

checked as

Pa > KnoW (9)
where
P. : bearing capacity of the reinforced concrete plers for lateral force
(11

Kr.. : equivalent horizontal seismic cocefficient for check of
bearing capacity of the reinforced concrete picrs for lateral load
W : equivalent dead weight (tf), and shall be determined as

W= W, ceWe (10)
05 PusE.

e = , (1)
1.0 PLo Pl

W.. ' dead welght of a part of superstructure supported by the
reinforced concrete piers (tf)

¥,.: dcad welght of the reinforced concrete plers {(Lf)

P..: bearlng capacity of reinforced concrete pirrs for flexural fallure
(tf)

P.: bearing capacity of reinforced concrete plers for shear fallure (tf)

2) Fquivalent horizontal seismle coefficlent for check of bearing capacity of
reinforced concrete plers for lateral force

Equivalent horizontal seismic coefflcient for check of bearing capacity
of reinforced concrete plers for lateral force shall be determined according
to the equal energy assumption as

Ki..
ke . = o 12
. T201 (12)
Kr: = c=-Cr-Cr* Kr,-m (13)
where

k. : equivalent horizontal seismic coefficlent for check of bearing
capaclity of reinforced concrete piers for lateral force

kr. : horizontal seismic coefficient for check of bearing capacity of
reinforced concrete plers for lateral force

4 ¢ allowable ductility factor

c= : modlfication factor for zone (refer to Fig. 2)

¢ : modification factor for importance (refer to Table 5}

ce : modification factor for structural response (refer to Table 10)

Kn:-o! standard horlzontal selsmic coefficient for check of bearing capa-
city of reinforced concrete piers for lateral force

The standard horizontal seismic coefflclent Kr.c was deiermined to



Table 10 Structual Response Factor ce

Ground Group Structural  Response  Coefficient ¢
Srow | Ty S 14 14 < T,
roup ¢y = 0.7 ¢ = 0876T,,
Ty < 018 0.18 STy<i6 16 < Ty
Group I o = 158 T207| ¢, = 085 |c, = LI6T, ¥
G " T, < 0.29 029ST,,S20f 20 < Ty
roup G =ISIT, 2207 | ¢, =10 | = 19T ™

represent a realistle ground motion developed during a significant
carthquake with magnitude as large as 8. Fig.7 shows the horlzontal scismic
coefficient Ki.c. for the check of bearing capacity of reinforced concrete
plers for lateral force when c= = ¢, = 1.0.
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Fig. 7 Horlzontal Selsmic Coefficient kno for Check of Bearing Capacity of
Reinforced Concrete Plers for Lateral Force ( Cz = ¢ = 1.0)

3) Bearing capacity of reinforced concrete piers for lateral force and
allowable ductllity factor

Bearing capaclty of reinforced concrete plers for lateral force P, and
the allowable ductility factor g shall be determined based on the lailure
mode as :

a)Flexural fallure

P, - P,
Po=P. s+ ——F— (14)
o
_ G'J_ 6','
u =1+ T es. (15)
where

P..& . : bearing capacity (tf) and ultimate displacement (m) for



flexural fallure
P,,& ., : ylelding force (tf} and ylelding displacement (m) for
flexural fallure
a : safety factor { = 1.5)

b)Shear fallure

Pa = Ps (16)
u =1 (17
where

P. : bearing capacity (tf) for shear fallure

Photos 8 and 9 show dynamic loading tests and shaking table_tests
conducted to study inelastic behavior of reinforced concrete piers' ' '™

Wih e -

P

Photo 9 Shaking Table Tests of Reilnforced Concrete Pler Supporting Two
Span Simply Supported Girders ( Welght = 40 t1)
_26_



Dynamic Response Analysis

For bridges with complicated dynamic response and for new types of
bridges, dynamic response analysis is recommended to be made to check
seismic safety of the design made by means of the static lateral force
metheod.

In principle, dynamic responsec analysis shall be made by means of modal
response spectral analysls with use of an analytical model which simulates
dynamic characteristics of the bridge. Acceleratlon response spectrum for
the modal responsec spectrum analysis shall be determined as

S=c.+Ci+Cn+ S (18)
whore
S : response spectrum for modal response spectrum analysis (gal
(=em/sec )
c~- : medification factor for zone (refer to Fig. 2)

¢ modification Tactor for importance (rcfer to Table 9)

o : madification factor for damping, and shall be determined based on
modal damping ratio h.: as

1.5
Co = 40h;: + 1 (19)

Sc : standard response spectrum for modal response analysis method
(gal) (rcfer te Table 11)

Table 11 Standard Response Spectral Value Sc for Modal Dynamic Response

Analysls
Ground Condition 5, &
T, < 01 OIS TSl Ll <,
Group 1 S, = 43T 2160 S, = 200 S, = 207
T, < 02 025T,513 13< T,
Group II S, = 427T" 2 20 S, = 250 S, = 325T,
T, < 0.34 034 ST, 515 15 <T,
Group 1II '
§, = 430T'» 2 240 S, = 300 S, = 4507,

Fig. 8 shows the deslgn response spectra assuming ¢= = ¢ = 1.0 and ¢ =
1.0 (h: = 5 %). Fig. 9 shows the modification factor cr.

When a time history analysis is required, strong motion records which
have the similar characteristics with S by Eq.(18) shall be used with the
consideration on site condition and structural response of the bridge. Three
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ground acceleration records which were modified In frequency doma!n so that
their response characteristics match with So In Eq.(18) are proviced In the
Specifications.

Device for Preventing Superstructure from Falling

Because connections between superstructure and substructure or
between two adjacent superstructures are quite susceptible to earthquake
damage, specfal structural considerations are required to prevent
falling-off of the superstructure from the substructures due to damage of
those sections. For such a purpose, the following measures are applled as
shown in Fig. 10:

(1) At movable bearings, devices to prevent dislodgement of upper-bearings
from the lower-bearings (stopper) are provided

{2) At the both ends of superstructure, elther of the following measures are
ysed to prevent the superstructure from dislodging from the crest of the
substructures !

a) The distance from the edge of superstructure to the edge of sub-
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structure {(Seat Length) S:= shall be longer than the value as

70 + 0.5x 1 1 <100 m
SE‘% 80 + 0.4 x 1 1 >100m (20)
in which Se and 1 represent the seat length in cm and the span leagth
in m, respectively.
b) Instailation of devices for preventing falling-off of superstructure
from substructures
(3} In addition to the ltems (1) and (2}, the distance from the edge of the
bearing supports to the edge of substructure (Bearing Seat Length) S shall
be longer than the value as

20+ 0.5x 1
S=1 30+04x1 2y

in which S and 1 represent the bearing seat length in cm and the span length
in m, respectively

DEVELOPMENT OF PASSIVE AND OYBRID CONTROL. OF HIGHWAY BRIDGES
Development of Guidelines for Design of Base-Isolated Highway Bridges

For studving the application of base Isolatlon technology to selsmic
design of highway bridges, a committee chaired by Professor Tsuneo
Katayama, University of Tokyo, was formulated through 1986 to 1989 at the
Technology Research Center for National Land Development. Three programs
were studied in the committee, f.e.., 1) a survey of isolators and energy
dissipators which can be used for highway brldges., 2) a study on the key
points of the design of base-isolated highway bridges, and 3) design of
base-isclated highway brldges. As the final accomplishment of the study.



"Guidelines for Design of Base-Isolated Highway Bridges (draft) " was
published In 1989'*%.

The draft guldelinas includes the following contents:

Chapter | General
1.1 Related Regulations
1.2 Definition of Terms
Chapter 2 Fundamenta] Strategy of Base Isolation Design
Chapter 3 Deslgn of Isolators and Energy Dissipators
3.1 General
3.2 Design Displacement of Base Isolation Device
3.3 Equivalent Natural Frequency and Damping Ratic of Base Isolator
3.4 Dynamic Characteristics of Base Isolat{on Device
3.5 Static Characteristics of Base Isolation Device
Chapter 4 Design of Base-Iso'ated Highway Bridge
4.1 General
4.2 Static Lateral Force Method
4.2.1 General
4.2.2 Horlizontal Deslign Seismic Coefficient
4.2.3 Evaluation of Natural Period of Base-Isolated Bridge
4.2.4 Evaluation of Sectional Force and Displacement due to Inertia
Force
4.3 Check of Bearing Capac!ty for Lateral Force
4.3.1 General
4.3.2 Seismic Coefficient used to Check Bearing Capacity for Lateral
Force
4.3.3 Evaluation of Natural Period
4.3.4 Evaluation of Damping Ratio
4.3.5 Evaluation of Sectlonal Force and Displacement due to Inertia
Force
4.3.8 Equivalent Selsmic Coefficient Used to Check Bearing Capacity
for Lateral Force
4.3.7 Bearing Capacity for Lateral Force
Chapter 5 Dynanic Response Analysis
5.1 Method of Dynamic Response Analysis
5.2 Modelling of Base-Isolated Bridges by Dynamlc Response Analysis
5.3 Input Motion for Dynamic Response Analysis
5.3.1 Input Motlion to Check Design by Means of Statlc Lateral Force
Method
5.3.2 Input Motlon to Check Bearing Capacity for Lateral Force
5.4 Investigation of Safety
Chapter 6 General Provisions for Design of Structural Detalls
8.1 General
8.2 Distance between Structures
8.3 Design Gap of Expansion Joint
6.4 Devices for Preventing Falling-off of Superstructure from Sub
structure
8.5 General Provisions for Design Detalls of Base Isolation Devices



Appendix

I Design of Base-Isolated Highway Bridges

I Design Mcthod of Base Isolatlon Devices

m Example of Design Calculation of a Base-iscolated Highway Bridge
Constructed on Group I Ground Condition Site

IV Example of Design Calculation of a Base-Isolated Highway Bridge
Constructed on Group Il Ground Condition Site

v Example of Structural Details

vl kExample of Various Basec-Isolation Devices

Joint Rescarch between PWRI and 28 Private Firms for Devcloping Base
Isolation Systems for Highway Bridges

Bascd on the study presented above, a joint research program between
PWR! and 28 private firms on "Development of Base-isolatlon Systems for
Highway Bridges™ was Initlated In 1989 for aiming lo develop further
practical design methods for basc-isolated highway hridges which are both
safe and ¢ost efficient’ . The research Is scheduled to be completed in 1992,

Scopes of the Joint research contain the following research and
development programs :

1) Development of Isolators and energy dissipators suitable for highway
bridges by using new materials and technology

2) Development of expansion joints and falling-off prevention devices
sujtable for base-isolated bridges

3) Development of design methods for base-isclated bridges

4) Application of base-isclation for highway bridges

In the project 1), it is aimed to develop less cxpensive isolators and
energy dissipators which have better characteristics and are superior for
long-term use. In the project 4), application of the base Isolation for
super-long multiple-continuous highway hridges with a total length over 1
km and for the selsmic retrofitting of vulnerable existing highway bridges
are being Investigated.

The 28 private firms consist of material makers such as rubber and
automobile tire makers, bearing supports fabricators, consulting

engineering firms, steel superstructure fabricating companies, and general
constructors.

Table-12 shows the research subjects snd contributions. Photos 10 and 11
show dynamic loading tests of isolators and shaking table tests of a
base-isolated highway bridges model conducted at the Publlc Works Research
Institute for studying effectiveness of the base isolation,

,_31_



Table 12 Rescarch Theme and Organizations of Joint Research between the
Public Works Rescarch Institute and 28 Private Firas for
Developing Base Isolation Systems of Highway Bridges

Rescarch Theme Pxal siTow{ K Ta[ H]N s M| i [on| Ti| 1] 5 Ko Ns[On [Y [To[Be [Bb|Se [sh Pe|1 [N | Cnues | Sub-

Chie

1. Development of Device for Isolation
1.1 High Energy Absorbing Rubber Bearing e} ololo o
1.2 Frichon Damper
1.3 Steel Damper O (9] 8} Bs
1.4 Link Bearing Develop of O
1.5 Viscous Damper
1.6 Test Mrethod 8] Q C O

@O0

2. Development of Expansion Joint and Falling-off
Prevention Device for Isolated Bridge Te —_
2.1 Expansion Joint o) ¢)
2.2 Falling-off Prevention Device o) o) 0

3. Development of Design Method for Isolated
Bridge
3.1 Design Philosophy
3.2 Dynamic Responce Analysis Method
3.3 Design Method of Device for Isolation
3.4 Simplified Design Method
3.5 Design Method of Expansion Joint and Fall-

ing-off Preventicn Device

Ka Pc

Q0000
QO
O
© 0
CO
O
o

4, Application of Base lsolation 10 Bridge
4.1 Application 10 Presressed Concrete Bridge
4.2 Application o Steel Bridge
4.3 Application 10 Multiple Super-long Bridge
4.4 Applicstion to Seismic Retofit

o0 |0 Ob J

cCoeo

0000
©
O
@)
O

C
Q O O (¢

P: Public Works Research Inmitute, Ka: Kajima, Si: Shimizu, Ob: Ohbayazhi, Ku: Kumagas, Tn: Takenaks Doboku + Takensks, H: Hazams, Ni: Nishumstsu, Su: Sumitomo, M: Mimi, G:
Goyoh, Ok: Okursura, Ti: Taisei + Tokyo Fablic + Nippon Chuzo, I: Ishikswsjims Hanma, Nk: NKK + Nippon Chuzo, Ko: Kobe Sieel , Ni: Nippon Seiko, Oe: Onles, Y: Yokohama Rubber,
To: Toyo Rubber, Bs: Bridgestone, Bb: BBM, Se: Seibu Polymer, Sh: Shows Densen. Pc: Pacific Consultants, J. Japan Engineering Consultant, N: New Structum] Enginecnng Consultants.



IPhoto 10 Dynamic lLoading Tests of Isolators and Encrgy Dissipators
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Photo 11 Shaking Table Tests of a Basc lsolated Bridge Model

Constiruction of Basc-lIsolated Highway Bridges

Seven base-lsolated highway bridges as shown in Table-13 are currently
being constructed by or with the support of the Minlstry of Construction for
the purpose of Incorporating base Isolation in practical use. After
completion of the construction, a series of experiments including push-puil
tests, foreed cxeitation tests with use of eccentric-mass shakers and strong
molion observations are scheduled for studying the dynamic characteristics
of the bridges.

Fig.11 shows the Nagakl-gawa Bridge'™ which Is now under construction
by the Ministry of Construction.



Table 13 Construction Project of Base-Isolated Nighway Bridges

Owner Brndge Name Type of Super- Length (m)
struclure
Hokkaido Devcloping Burcau | Onnetoh Bridge Sicel Gurder 456
Tohoku-Regional Burcau, MOC| Nagaki-gawa Bridge 1 97
Kaniwoh-Regional Burcau, MOC | Not Yet Selected Not Yet Decided Not yet Determined
Chubu-Regional Bureau, MOC s ” 0
Iwate-ken Maruki Bndge Presuressed  Concrete 92
Tochigi-ken Karasuyama Bndge ” 250
Shizucka-ken Miyagawa Bndge Steel Girder 110 J
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Fig. 11 Gencral View of Nagaki-gawa Bridge

Hybrid Control of Structural Response

A combination of active and passive control, which is designated here as
hybrid control, seems attractlve for reducing energy supply for active
control. Decrease of structural response by means of passive control will
make the energy supply requirement for active control small encugh to
achicve the contro)l of structural response within a satisfactory level
during significant earthquakes. Increase of lateral displacement of decks
induced by the passive control may be improved by the active control.

A 5-year rescarch program on hybrid contrel of selsmic response was

initjated in1990 at the Public Works Research Institute'”™ . The objectives of
this rescarch program arec to study applicatlons of hybrid control for



bridge structures such as

1} Control of super long-span continuous bridges

2) Control of bridges on reclatively soft ground

3) Improvement of scismic performance of bridges on the Important urban
routes

As part of this research, the following items are considered for study :

1) Development of passive control elements suitable for hybrid
control systems
- Development of variable dampers
+ Development of damper with fall-safe functions
2) Development of active control systems suitable for hyhrid control
3) Development of optimal hybrid control systems by combining 1) and 2)

Among these developments, the variable damper is quite a unique device
in which the viscous coefficient Is varied depending on structural response
displacement and velocelity so that the best energy dissipation can be made.
The viscous coefficient Is also controlled to increase smoothly after the
structural response displacement becomes excessively large so that the
variable damper acts as a stopper.

This research program Is to be excecuted as a U.S.-Japan cooperative
rcsearch program through the Panel on Wind and Selsmic Effects of UJNR.

SEISMIC INSPECTION AND SEISMIC STRENGTHENING
Outline

The nationwide seismic Inspection and seismic strengthening of highway
bridges werc made In 1971, 1976, 1979, 1986 by the Ministry of Constructlon.
The first and second seismic inspection of 1971 and 1976 were to Inspect
deterforated highway bridges susceptible to falling-off of superstructure
during earthquakes. The third and fourth selsmic Inspection of 1979 and 1986
was to classify structural resistance of highway bridges agalnst falling-off
of superstructures during destructive earthquakes. For those bridges which
were Jjudged vulnerable to severe damages during earthquakes, selsmlc
strengthening works have been made. In the 1986 [nspection, about 40,000
bridges were Inspected and 11.700 bridges were found to require selsmic
strengthening. Most of them require Installation of the device for
preventing superstructure falllng-off from the substructures.

Seismic Inspection of Vulnerablility of Highway Bridges
Seismic Inspection methods to detect hlghway bridges vulnerable to
earthquakes have been developed and amended several times to reflect

progress of bridge earthquake engineering and lessons gained from the past
selsmic damage. The most important requirement for the inspection method was



to be able to assess the vulnerabllity of a number of highway bridges at the
site without complex calculations. The latest selsmic Inspection method'”
which was referenced in the 1986 selsmic Inspection was formulated on the
statistical analyses of 105 bridges damaged in the past earthquakes®™.

In the statistical analyses, factors which are likely to affect the seismic
vulnerability of hlghway bridges were firstly studied with use of the Type 1]
quantification analysis. The rank of damage degree was classified into high
vulnerability (Rank A), moderate vulnerability (Rank 8) and low
vulnerabllity (Rank C) as shown In Table 14. From the analysls of the past
seismic damage, 15 items, as shown In Table 15, were selected as the factors
likely to affect selsmic vulnerability. The 15 Items consists of four
principal factors, l.e.. intensity of earthquake ground motions, properties
of superstructure and substructures, devices for preventing falling-off of

superstructure from substructures, and ground condition. Each ltem was
further divided Into several categorics.

Table 14 Definition of Scismic Yulnerabllity

Rars Vu'nelalily o' Seismic Damage  Rank ot Damage Degree in Table
Fank &- g Possitulily 100 5, Nening gamags 9 Faung off of Supersiricture o
Vuine abmty ar damage negree i nigh 4 Extensive Damage
Rar« 8- Moderate Fossitalily 107 sutienng damage . .
Viitrer ahiity 07 QAMAgP CECIGE & MOGE’ ale 3 Mote:ate Jamage
Rank C- com Poss.ulily 1oc sutlering damage ? ahqh: gzmige O;
Vaine abiaty 0" Gai'tdye yeyree s low nor DamAage o

0 No Damage

Predicted damage rank y. was assumed to have a form of
Y = £z O ir * Xiw (22)
; 4

in which x... represents a weighting factor for the k-th category of the j-th
item, and & ;:» represents a varlable corresponding to the category k in the
ftem J of the j-th bridge. The variable & ;. was so defined that it takes a
value of 1 if the characteristics of the [-th bridge correspond to the
category k in the item j, and Is 0 otherwise. The welghting factor x .. was
determined so as to minimize the sum of square of the difference between the
predicted damage rank and the actual damage rank.

From the weighting factors presented in Table 15, the effects of each
item were found as shown in Table 16. The following considerations were

subsequently included In the statistical analysls to formulate an Inspection
method.

a) Because the objectives of the Inspectlon method are to assess the
seismlic vulnerability of highway bridges subjected to ground shaking of JMA
Intensity V or larger ( peak ground acceleration larger than 0.25 g), the
Intensity of Peak Ground Acceleration an.» 1is dropped from the evaluation
item assuming that ana.» 1s larger than 0.25 g.
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Table 15 Itcas and Categories Which Affect Scismic Vulncrability of Highway
Bridges
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Table 18 Factors Which Affect Scisaic Vulncrabllity of Highway Bridges
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i Those dmgned in accordance with 1926 or 1939 Spcmhcahons hlve '
higher vulnerab:my
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(@ Design Specifications

i
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e+ . e i - S
| @ Type of 8up¢rstrucmre | @ Gerber or simply sunpnmd gmim with 2 or more spans have f
i fighter vulnerability !
! e Krch. frame. continuous girders. cable-stayed bridges or '
1 suspension bridges have lower vulnerability '
s e ey !
@ Shape of Supmtruciur: ' Skewed or curved bridges do not necessarily have higher
‘ i vuinprahility Than straight bridges
r ) ) T
| @ Materisls of Superstruclure ' Reinforced cancrete bridges or presiressed concrete bridges have
! i lower vulnerability than sieel bridges although the diflerence is
small
() Slope in Bridge Axis : Bndges wnh slope in bridge axis have higher vulneramlnty
r .
C® Uevu:e 1nr Preventing Falling-off Bridges with devices for preventing lalling-o!l of superstructure have
B | Supnrslruclure lower vulnerability
: U Type of Subsiructure ' Bridges supporied by single-hne bent piles or by reinforced concrete
‘ irame placed an two separate caisson foundations have higher
vu|neramllly ;
Q Hughl of Piers ; Br(dges snpponen by hcgher pters hlV! higher vuinerahlhtv
O Ground Condmon . Bridges ccnslrucleu on sull s0il have higher vulnerab»mv
U Eftect of Soil quu:!aclmn Eridges constructed on sandy soil layers susceplible to llquetlcllnn
nave higlier vulnmmlllv
i R - - - 5
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— o S .
@ Type of Fnundlllon j Eridges supported by timber brick. masanry or ether old unknown

type subﬂrucluret have higher vulnerabitity
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@ Inlenmy ol Ground Motion | Bridges subjected to higher intensity of ground lmlerllmn have
i higher vulnerability. [n particular, vuinerabitity becomes quite high |
when the bridgn are subjected lo peak ground acceleration larger
| than m gal [04g i

e - . [ S [ R U |

b) Evaluation of the strength of reinforced concrete plers at the
mid-helght where main reinforcement is terminated was introduced.

¢) Because collapse, such as falllng-off of superstructure, generally
occurred because of excessive relative movements between the
superstructure and the substructures, and failure of substructures due to
inadequate strength, the evaluation of the selsmic vulnerability for both
the relative movement and for the strength of substructures should be made.

d) Even if there are some unsatisfactory conditions In the evaluation,
final evajluation may not consider them to be critical If the remaining
factors are In good evaluation. Consequently, it was decided that those
bridges with at least one “critical” or "safe” condition are to be considered



to have either high or low seismic vulnerability. Below are some examples of
evaluation of such specific types of structure :

- Those designed {n accordance with the 1980 Specifications shall be
classified Into Rank C (safe) unless appreciable deterioration is
detected

- Those constructed by timber, brick, masonry. or old unknown materials
shall be classified Into Rank A {vulnerable).

- Those supported by single-line bent plles foundation which are
constructlted on loose alluvial sandy layer vulnerable to liquefaction
or very loose clayey deposils shall be classified into Rank A
{vulnerable).

- Single-span simply supported girder bridges with the span length less
than 15 m shall be classified into Rank C (safe).

The procedure of seismic inspection and an inspection sheet are shown in
Fig. 12 and Table 17, respectively'* -~', The evaluation of the selsmic
vulnerability Is made in accordance witkh the points which reflect the
vulnerability to cxcesslve relative movement between superstructure and
substructures (point X), and the strength of substructures (point Y) as
shown in Table 18.

Table 18 Evaluation of Seismic Vulnerabillty

Evaluatiun Points
Hank ot Sesmag,

Vu nersiny X

A& Vuineran'e Xz 60 Yz 10 ¥ =100
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fote Gut 0° twe Sanks LOlaIREC oM X GOINT AP @ ¥ DOINT Dghet Tans A
15 the Pighest. sty be 1aken 45 e Yinal raneing of tte oricge
inspected Forobtaming eva valion pointe X ana ¥ re‘er 'o Tabie 2

Secismic Strengthening of Highway Bridges Vulnerable to Earthquakes

Table 19 shows the feasibility of seismic strengthening against the 16
factors which would affect the seismic vulnerabllity of highway bridges
(refer to Table 186). Among the 16 factors, ® Devices for Preventing
Falling-off of the Superstructure, @ Type of Substructure, @Effect of Soil
Liquefaction, @ Effect of Scouring, ®Materials of Substructures, @ Types of
Foundation, and ®Effect of Termination of Maln Reinforcement at Mid-height
are the factors for which countermeasures for strengthening the bridge are
feasible. Countermeasures against for the remaining 9 factors can not be
made unless the whole bridge be replaced.

Fig. 13 shows how the countermeasures can be made for the above
described 7 factors. Installation of devices for preventing falling-off of
superstructure, strengthening of foundations, and strengthening of plers
and abutments are the maln measures of seismic strengthening.
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Fig. 12 Procedure of Seisaic Inspoction for Highway Bridges
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Inspection Sheet for Selsmic Vulnerability of Highway Bridges
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Table 19 Feaslbllity of Seismic Sirengthening for 16 Factors Which Affect

Seismic Vulnerab[llty of Highway Bridges
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x {tems jor which stismic strengthening is net fessible

Figs. 14, 15 and 16 show the methods for selecting the Installation of the
stoppers at movable supports, falling-off prevention devices, and
elongation of seat length Se and bearing seat length S as measures of
selsmic strengthenlng for existing bridges. The methods are based on a
number of practices In the past'® =%,

Flgs. 17 and 18 show measures for strengthening foundations and
strengthening substructures for existing bridges, respectively.

Photos 12 and 13 show dynamic loading tests of reinforced concrete
piers which have the termination of main reinforcement at mid-height.
Effectiveness of steel jacket s studled.

The seismic inspection and strengthening methods of transpotion
facilitles Including highway bridges were complled and published from the
Japan Road Association In the form of the “"Gulde Specifications for
Earthquake Hazard Mitigaticn for Transportation Facllities - Pre-Earthquake
Countermeasures -* In 1987<",
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Photo 12 Loading Tests of Reinforced Concrete Pier with Termination of Main
Reinforeement at Mid-helght ( Squarce Section )

Photo 13 Loading Tests of Reinforced Concrete Pler with Termination of Main
Relnforcement at Mid-height { Circular Section )

REPAIR OF TRANSPORTATION FACILITIES DAMAGED BY EARTHQUAKES

Outline

The recent advancement In earthquake engineering has enabled
transportation facilities and structures to be safely designed and
constriucted. Catastrophic disasters due to the entire collapse of
structures have decreased, and accordingly the number of human fatalities
has become appreciably smaller during recent large earthquakes. It Is



considered, however, that partial failures may still take place In future
large earthquakes, as observed In recent ones. In view of such facts,
post-earthquake measures are still of significant concern.

A comprehensive 5 year research project entitled "Development of
Repair Methods for Structures Damaged by Farthquakes," was made by the
Ministry of Construction between 1981 and 1986. The project is to develop
post carthquake measures by providing procedures of inspection, assessment
of damage extent, repalr methods, and overall evaluation for reparing
seismically damaged structures. In executing the project, the Technological
Rescarch Center for National Land Development established the Committee for
Development of Repalr Methods for Civll Engineering Structures Damaged by
Earthquakes. which was chaired by Dr. Shunzo Okamoto, Professor Emeritus of
the University of Tokyo. Final accomplishment of the project was compiled
in 1986 In the form of " Manunal for Repalr Methods for Civil Engincering
Siructures Damaged by Earthqu.kes"” . The essence of the Manual In the
arca of the repair and restoration method for transportation facilities was
later reorganized and published from the Japan Road Association in the form
of "Cuide Specifications for Farthquake Hazard Mitigation for Transportation
Facilities - Pre-Earthquake Countermeasures -* <7

This chapter outlines the Manual for the assessment of damage extent and
repair method of selsmically damaged transportation facllities with placing
emphasis on highway brldges from the Manual.

¥low of Repalir and Restoration

Repair and restoration of seismically damaged transportation facilitiecs
must be correctly and immedlately conducted because it significantly affects
restoration activities of the public and stabilization of national life.
Repalir and restoration Is made in accordance with the disaster
countermeasures plans by correctly understanding the whole damage, and by
consulting and exchanging Informatlon with related organizations and
authorlties. Procedure of repalr and restoration after the occurrence of an
earthquake can be classified into three stages as shown In Fig. 19. The
fundamental aims of the three stages are the following :

(1) First Stage of Repalr and Restoration

To Inspect an outline of damage with emphasis on damage of critical and
important facilities as carly as possible, and to decide the strategy for
repair and restoration. When large secondary disasters are likely to happen,
it is necessary to conduct appropriate urgent treatments.

{2) Sccond Stage of Repair and Restoraticn

To inspect the damage of all facllities and structures, and to judge the
necessity of temporary repair and restoration with consideratijon of possible
large secondary disasters, urgency for restoration, types and impartance of
the faciifties. and the time required for Initiation of permanent restoration.
When temporary repair and restoration are required, ft Is necessary to
promptly repair, by considering priority and restoratlon level.

— 48--
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Fig. 19 Procedure of Repair and Restoration of Seismically Damaged Facilities

—49—



(3) Third Stage of Repalr and Restoration

To determine the level required for permanent repair and restoration
based on the considerations of Importance, location of thc damage. damage
degree, difficulties of repalr and restoration, and future construction

plans, and to conduct permanent repalr and restoratlion by taking future
dovelopment plans and restoration plans Into account.

Urgent Inspection and Urgent Treatment of Highway Bridges (1st Stagce)

Flg. 20 shows a procedure of the urgent inspection and urgent
treatment for transportation faclilities. It should be noted that main
purpose of the urgent inspection Is Lo survey whether the road is passable.
Detailed Inspection and repair could not be made at this stage hecause it
would recguire conslderable time. Such a detailed inspection would also

[_Urgem Damage 1nspecv.mn]

Is damage
developed either
road facilittes or
wayside
facilities”

Is
possibility to
develop large secondary
disaster high?

Is
possibility Lo
develop traffic
sccident high?

Uigent Treatment Partial Restriction Full Restriction & Full Restriction
s not necessary Restriction of Weight, for Traffic o Distribute Informa-
(Numbet of Lane, Speed, tion to Public
\Car Width Showing Danger
c Designate Dangerous
Area

Fig. 20 Procedure of Urgent Inspection and Urgent Treatment
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prevent the formulation of a repalir plan at the head-quarters. Table 20
shows main check points for the urgent damage inspection.

Damage Inspection for Temporary Repalr, and Temporary Repair Mcthod for
Highway Bridges (2nd Stage)

Table 21 shows types of damage developed in highway bridges. Among
the various types of damage, failure of plers, fallure of seat concrete
(concrete supporting bearings) and rupture of main structural members of
superstructure are regarded as critical damages which are liable to cause
falling off of superstructure. Therefore, damage Inspection at the urgent
inspectlon stage s to be made for these three types of damage first.

The degree of damage at the 2nd stage Is required to be decided based
on bearing capacity (load capacity} of the bridge structure and road
surface condition. Because suspension of traffic on highway bridges would
critically affects essentlal post-earthquake transportation. It Ic required
to judge whether damaged bridges can be used even for short period for
emergency transportation,

[) Damage degree depending on bearing capacity

A : No Damage - No speclal damage is detected

B : Slight Damage - Damaged, but not considerable for short term
service

C : Medium Damage - Considerable damage, but may be used

for short-term service unless progress of
damage due to aftershocks and live load is not
developed.

D : Critical Damage - Possible fallling-off of superstructure has to
he taken in mind

E : Falling-off - Falling-off of superstructure

Fig. 21 shows examples of how the damage degree Is judged for
reinforced concrete plers suffering cracks, spalling-off of concrete and
rupti re of main reinforcement in a form of flexure failure at the base. Fig.
22 shows the same example for the degree of damage at the bearing supports.
It Is suggested that Inspectors should judge the damage degree by comparing
the actual damage with Fligs. 21 and 22. Similar tables are prepared for
various types of damage Including shear fallure of reinforced concrete
plers and for the fallure of superstructures.

ij) Damage degree depending on road surface condition

a : No Damage - No special damage is detected

b : Passable with Care - Damaged, but can be opened for short
term traffic If sufficlent care Is paid

¢ : Unpassable - Badly damaged, and has toc be closed

Fig. 23 represents a procedure for deciding whether highway bridges be
closed or opened with care.



Table 20 Check Points for Urgent Inspectlon

Road Itself

Facilities Check Point
Flat Road Large Subsidence of Road Surface
Road Low ~ High Large Subsidence of Road Surface, Large
Embankment Subsidence and Failure of Embankment

Natural and Cut
Slcpe

Huge Failure of Slope, Large Fallen Stcne
on Road, Large Faiiure of Road

General

Fall-off of Bridge

Bridge | From the Surface

Slipping off and Gap of Hand Rail
Sudden Change of Leveling

Large Opening, Upheaval and Gap at
Expansion Joint

Superstructure
Side

Sudden Change of Deformation and Leveling

View
Substructure

Large Subsidence, Tilting, Large Cracks and
Spalling-off of Concrete

Tunnel

Large Slope Failure near Tunnel, Large
Spalling-off of Covering Concrete

Common Duct

Uplift to Ground Surface, Critical Damage
of Storing Facilities

Culvert and Underground
Pedestrian Pass

Large Subsidence on Road Surface

Pedestrian Bridge

Falling-off, Critical Failure of Pier

Other

Way -side Facilities

Collapse of Building on Road
Secondary Disaster caused by Damage of
Road Facilities

Exclusive Use Facilities

Influence of Damage of Exclusive Use
Facilities on Road

Others

Critical Innaduation, Tsunami, Fire, etc.




Table 21 Damage Types of Bridges

Displacement
2 Residual Displacement
r— 3 (At Bottom of Pier) Crack and
Spalling-off of Concrete, Buckling
and Cut of Reinforcing Bar, Tilting

. of Pier
Reinforced .
Concrete ——+— 4 (At Cut-off Point) Crack and Spalling-
Pier off of Concrete, Buckling and Cut of
Reinforcing Bar, Tilting of Pier
—— 5 (Al Intermediate Height) Shear Crack
and Spalling-off of Concrete, Expo-
sure of Reinforcing Bar, Tilting of
Pier

— 6 (At Sudden Change Position of Cross
Section and Construction Joint}
Sub- — Crack and Spalling-off of Concrete
structure Buckling and Cut of Reinforcing Bar,
Tilting of Pier

—— T (Flame Structure) Crack and Spalling
off of Concrete, Buckling and Cut of
Reinforcing Bar

Local Buckling, Cracks, Uneven Qut-
plane Residual Deformation, Tilting
of Pier

—— Abutment 9 Crack and Spalling-off of Concrete,
Buckling and Cut of Reinforcing Bar,
Tilting and Subsidence

Super- __{:Concrete 10 Crack and Failure around Support

structure Steel 11 Residual Deformation and Failure of
Members around Support

— 12 Deformation and Failures of Support
and Sole Plate

L— 13 Deformation and Failure of Stopper
(Stopper of Upper Support, Side
Block of Lower Support)

— 14 Pulling-out, Blending and Cut of Anchor
Bolt

— 15 Looseness and Cut of Set Bolt (Pin and
Roller Support)

gearing 16 Pulling-out of Pin Cap, Cut of Cap (Pin
Support and Roller Support)

L— 17 Pulling-out of Roller and Rocker
{Roller and Rocker Support)

— 18 Deformation and Failure of Up Lift
Stopper for Preventing Up-lift

— 19 Crack and Failure of Mortar under
Support

L 20 Crack and Failure of Seat Concrete
— 21 Falling-off of Joint Filler

—22 Failure of Face Plate

—23 Cut of Joint Rubber

— 24 Failure of Anchor Concrete

25 Opening and Contact of Joint

26 Gap

Other 27 Failure of Hand-rail, Damper ete

Pile Foundation 1 Failure of Pile Top, Residual
Foundation {

Direct and Caisson Foundation

— Pier

L ____Stee]l B
Pier

Expansion Joint

_53._
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Damagc Inspection for Permancent Repair, and Permanent Repalr Method of
Highway Bridges (3rd Stage)

For permanent repair, the degree of damage has to be decided from a
different inspection than that used by the temporary repair. Inspection of
repair needs Is required for long term usc in the 3rd stage. Upgrading may
be required for those bridges which suffered critical damage. The damaged
degree Is determined as

A : No Damage - N¢ damage or minor damage which does
not affect function for long-term service,

B : Slight Damage - Damage which does not affeet the bearing
capacity

C : Medlunr Damage - Damage which affects the hearing capacity

D : Critical Damage - Damage which significantly affects the bearlng
capacity

Time required, cost, workability, avalilability of construction materials
and visual appearance of repajring works have to be considered. Table 22
represents one of examples of a permanent repalr method for relnforced
concrzte plers which suffered flexure failure at the base.

DEVELOPMENT OF INFORMATION GATHERING AND PROCESSING SYSTEMS
FOR SEISMIC DAMAGE MITIGATION

After a destructive earthquake, [t is of significant importance to imme-
diately gather correct Information on the extent of damage In the area
affected by the earthquake. Road transportation i{s expected to be
interrupted in a very large earthquake, particularly in urban areas such as
Tokyo, as a result of damage af not only transportatlon facilities but of
falling-off of bullding attachments along the road. Confuslon of people and
automobiles left on road would also cause considerable disruption to the
transportation. It Is required therefore to develop new Information
gathering and processing systems which wll]l enable the extent of damage to
be recognized immediately alter the esrthquake for formulating a rcpalr and
restoration strategy.

A comprehensive 5 year research progrem entitled " Development of
Information Gathering and Processing Systems for Disaster Mitigation™ was
initiated In 1988 by the Ministry of Construction. The objectives of this
research project were to develop new information correction and processing
systems, using advanced new technology, for various disasters such as
carthquakes, floods and debris flows, Key items of the resesrch development
are (refer to Fig. 24) ;

a) Bird's eye information correction systems from helicopters,

b} On-1line information processing systems, and
c) Real-time digital mapping systems.



Table 22 Persanent Repalr of Reinforced Concrete Bridge Plers with Flexural
Failurc at Bottom

Level of Damage

Design for Normal

Design by Ductility Analysis

Damage Patter Presented Repair and Restoration Method
o Load Yield Stage Ulumate Stage
in Fig. 4-2
Before Yield Injection of Epoxy Regin Normal Normal Normal
of Reinforcing Before Stage 1 Covering by Reinforced Concrete Hybrid Hybrid Hybrid
Bar Covering by Steel Plate Hybrid Hybrid Hybnid
Injection of Epoxy Regin 2/3 Es for Reinforcing | 2/3 Es for Reinforcing Normal
Bar Bar
After Yield but . Ignore Original 1/3 Es for Original
Before Ultimate Stage 2and 3 Covering by Reinforced Concrete Section Reinforcing Bar Hybnd
, Ignore Original 1/3 Es for Original .
Covering by Steel Plate Section Reinforcing Bar Hybrid
After Ultimate Stage 4.5and 6 Covering by Reinforced Concrete Ignore Original lgnore Original Hybrid
' Section Section

Note 1) Normal: Usual design procedure in accordance with Design Specifications of Highway Bridge.

2) Hybrid: Original damaged section can be trealed to work for load with new section.
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Fig. 24 Information Gathering and Processing Systems

For this purposec, measuring technology of the degree of sciswic damage
of structures, using helicopter picture information and new media high-grade
disaster prediction methods as well as planning systems for repair and
restoration in the damaged area are under development. To avoid distortion
of information during transferring Information from the reglonal office to
headquarters, it is aimed to develop visual motion picture systems.

In ecxecuting the project, the Technologlical Research Center for Natlonal
Land Development established the Committee for the Development of Disaster
Information Systems, which is chaired by Dr. H. Umemura, Professor Emerltus
of the University of Tokyo. Final accomplishments of the project are to be
compiled in 1992 In the form of guidelines.

CONCLUDING REMARKS

The preceding pages presented the present earthquake engineering
efforts to mitigate earthquake hazards of road transportation facilities in
Japan. Japan has been experiencing many destructive earthquakes in the past
and It Is critically {mportant that the functions for rescue, evacuation,
repalr and restoration be able to be carrled out. Replacement and strength-
ening of existing hlghway bridges ls extremely difficult In urban areas.
Traneportation facilitles, In particular Important ones such as highway
bridges, have to be provided with a very high level of selsmic safety.

The level of selsmic safety required for transportation facilities has
been increasing In recent years as a result of past experiences where
confusion caused by the Interruption was conslderable In urban area.
Indirect damage caused by the Interruption of urban transportation was much
larger than the dlrect damage. It is therefore required to develop new
seismic design and countermeasure concepts which enable structures with
higher and with various levels of selsmic safety to be constructed.
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SUMMARY

This paper presents general status of adopted bridge substructures,
maintenance and reinforcement of damaged bridges and design concepi of
substructures based on the latest standard. Technical standards which have
been used in Japan and their history are also introduced for the design and
construction of newly-established bridge and maintenance for existing
bridges.

INTRODUCTION

The highways in Japan have been steadlly Improved under the Five-Year
Road Improvement Programs, enacted by the ministry of construction, which
have reached the tenth. The stock of highway bridges with bridge length of
over 15 m have plled up to more than 110 thousand. In order to maintain
quantity and function of these substructures and make them last as long as
possible, several Inspectlon's methods, maintenance and reinforcement
measures have been adopted by technical standards. And then to deslgn and
construct many new bridges under the above 3-year plan, several technical
standards have been revised.

Study results on over all status of bridge substructures, recently
developped measures for malntenance and reinforcement of damaged
substructures and design fundamentals based on the latest specifications
are mainly sald in this paper.

TRANSITION OF BRIDGE SUBSTRUCTURE

1 Transition of the forms, construction method and present situation of
maintenance of bridge substructures

1-1 Transition of the forms and construction methods of bridge substructures

Foundations, which are parts of bridge substructures, constructed in
fiscal 1966, 1976 an 1985 were mainly investigated concerning thelr scale,
type, construction method, etc. throughout the country In each fiscal year.
The transition of the forms and construction methods of foundations are

{I) Head, Foundation Englneering Division, P.W.R.1., M.0.C.
(II) Senfor Research Engineer, ditto
(111} Senior Officer for Technical Standards and Cost Estimation, Engineering
Affairs Management Section, Minister's Secretariat, M.0.C.
{former Research Engineer, Foundation Engineering Division, P.W.R.1.}



presented here using there data.

Fig. 1.1 shows the transition for actual usage of each foundation type
from the number of foundations constructed in each fiscal year. Though
calsson foundation accounted for about one fourth of the whole in fiscal
1966, it decrecased to few percent after fiscal 1976. On the contrary, pile
foundation usage gradually increased, and it accounted for about a half of
the whole In fiscal 1985. Spread foundation also has high actual usage and is
typical foundation type in Japan together with pile foundation.

Figs. 1.2 and 1.3 show the Investigation results concerning the actual
usage of pile construction methods. With regard to environmental problems
from pile sectting, the cast In place pile or auger pile (with low vibration
and low nolse) Is used increasingly. while use of the driving pile Is
decreasing. Becausce of increasing road bridge construction in mountainous
arcas where it is difficult to carry machines and other instruments, the
necessity for Lhe cast in place pile constryuction method with man power
digging also scems likely to increase in the future.

As there are steel pipe plles, PC piles, PHC piles and RC plles among the
types of eoxisting piles used for the driving or auger pile construction
melhod, the percentage of steel pipe piles amounts to about 80 % of existing
piles after flscal 1977 and, on the contrary, the usage of the RC plle Is
almost zero.

The number of bridges of each foundation type Is Indicated In Table 1.1,
where all the established bridge In Japan are classified paylng attentjon to
the foundation type which supports the maximum part of the effective span.
The direct foundation and the plle foundation account for about 70 % and 25
% of all the bridges, respectively, and they amount to over 90 % of the
whole,

1-2 Present situation of bridge substructure maintenance

The maintenance of road bridge Is conducted by each road administrator
for each road category (national expressways, national highways,
prefectural road and municipal roads). So the maintenance of bridge
substructures is also conducted in accordance with the various malntenance
levels applicable to each road administrator.

Here the present situation of maintenance is mentioned from the point of
view of Inspection and repair and reinforcement methods for bridge
substructures. The following data 1is the result of questionnaire
investigation by the Publlc Works Research Institute, objective road bridge
are cases In which abutments, plers of foundations were repalred or
reinforced within five years during 1983 to 1987 (most of them are the
responsibility of prefectures and citles by government ordinance).
Responses to the gquestionnaire brought data on 605 bridges (the number of
substructures [s 2054).

1-2-1_Acknowledgment of abnormality or damage to bridge substructures and
types of inspection

The types of Inspection after acknowledgment of abnormality of damage
are listed in order in Fig. 1.4 among 805 bridges of which substructures were
repaired or reinforced. The number of measured bridges due to seismic
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inspection is overwhelmingly high and accounts for 85 % of the total when
the number of measured bridges due to disaster prevention Inspection is
added to it. This fact shows maintenance Is steadily conducted under seismic
or disaster prevention inspection.

On the other hand, the number of measured bridges under other
inspections of road bridges accounts for 35 % of the total; the importance of
dally Inspection activities, such as road patrol, Is pointed out by the fact
that the percentage of ordinary inspections Is high. The number of bridges
measured by Inspection during abnormal states is also the same level as
those by periodic Inspection; this [ndicates the necessity for rapid
Inspection durlng abnormal states.

1-2-2 Damage of abutmenls and piers and repair and reinforcement mecthods

1) Damage of abutments and plers.

The shoe bed is the most common part for conducting repalr and
reinforcement  (Fig. 1.5), The shoe hed Is used as the generic name of repalr
or reinforcement for the purpose of preventing Lridge fall by seismic
[nspections, Including the widening of the shoe bed and the establishment of
devices for prevenling the superstructure from falling. Column (or wall)
follows It, accounting for 20 %, and next Is the cross-beam of the column
head. There are many cases of repalr or reinforcement resulting from cracks.
2) Repalr and reinforcement methods of abutments and plers

Though it is difficult to clearly classify the methods of repair and
reinforcement of abutments and piers (concrete materials in all investigated
cascs), they are class|[fied according to the following points:

a) a casc where repair has the purpose of repalring damage of established
substructurcs and rccovering thelr original functlon,

h) a case where reinforcement Is used in an attempt to improve the original
function by damage repalr or to positively Improve the function of the
cstablished substructure without damage.

The following shows a sum result according to the above mentioned
classification.

(1) Repair methods

In many cases the surface coating method or injection method Is used as
the repair method when damage caused by a crack Is relatlvely slight (Fig.
1.6). Repair by flexible waterproof materfals is the most common as the
surface coating method, and that by epoxy resin accounts for about 70 % {n
the Injection method.

(11) Reinforcement methods

Instances of the section Increasing method are the most common as the
reinforcement methods, followed by the steel plate affixing method and the
addition of structural members (Fig. 1.7).

1-2-3 Damage of foundations and repalr and relnforcement methods

1) Damage of foundatlions

The most trequent cause of damage of foundations Is scouring, accounting
for about 50 % of the total. Displaccment, Inclination and movement follow
it. Fig. 1.8 also shows instances for the purpose of increasing bridge
functions such as for lanc widening, sidewalk attachment, etc. The spread
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foundation Is the most common foundation requiring countermeasures against
scour and caisson foundation follows {t.

The result of Investigation concerning the maximum depth of scour (37
scours) Is shown in Fig. 1.9. The depth of scour Is mcasured from the upper
side of footing in the case of foundation with footing and from the upper
side of the top slab In the case of cajsson foundation. Most scours over 2m
in depth are in cases of the calsson foundation: some scours over 4m in depth
are included and may be In fairly dangerous situation. The scour so rapldly
progresses with flooding that {t Is necessary to fully examine inspection
methods or systems agalnst scours.

2) Repaid and reinforcement methods for foundations

There are many instances where the foot protection method has been
adopted using as repalr and reinforcement methods. It can also be wel]
understood by citing many instances where damage is caused by scours.
Footing enlargement, addition of piles, measures by earth anchor and the
underground continuous wall method follow It (Fig. 1.10).

2 Technical standards for bridge substructures

2-1 Provlsion of technical standards for bridge substructures

In the technical standards used up to now, there are standards for the
design and construction of newly-established bridges and those for the
maintenance of established bridges. Moreover, In standards for the design
and construction of newly-established bridges, besides those for stabllity
checks and design of cross section, there are some standards especially for
the maintenance of substructures, such as countermeasures against salt
damage and alkali-aggregate reaction or matters In need of consideration
from the point of view of river administration.

Fig. 2.1 shows the transition of technical standards required for bridge
substructures, Guldelines for Design of Substructure of Highway Bridges had
begun to be made for foundatlon types from the 1960s. The Guidelines were
completed in the late 1970s and were included in the system of Specifications
for Highway Bridge as Part IV Specifications for Substructurecs In 1980. Since
then, as the scale of the foundations has Increased In size and their forms
have become more variable with advance In construction techniques, the
arrangement of design gulidellnes for new foundatlions types, such as
assembled steel plpe sheet pile foundation and underground continuous wall
foundation, have also been advanced. Hence, new provisions for tne decign
and construction of assembled steel pipe sheet pile foundation were Included
in the Specifications for Highway Bridges In 1990, The basic design concept
shown In Part 1V Speclfications for Substructures Is concerned with the
behavior of foundations and structural members against the design external
forces, such as earthquake Inertla force, etc., are held in elastic range. The
design Is not considered to suffer damage requiring immedliate repair or
reinforcement against an estimated external force. In Japan, quite few
bridge foundations are constructed on soft cohesive soil, thus a design to
deal with long term changes of the ground should be required for abutments.
Fig. 2.2 shows a typical movement of an abutment with lateral flow of the
ground. In some cases, the potential of such & movement {s judged and



measures may be taken beforehand, such as improvement of the ground,
reduction of the weight of the embankment, etc. As the bridge substructure
is a large section, In many cascs with a low reinforcing steel bar, and is
casily influenced by temperature changes or drying contraction, a detailed
arrangement of the bars is also shown for preventing cracks caused by
themn.

Moreover, consideration must be taken to prevent scouring caused by
floods near piers or abutments and not to have negative influence upon
river administration facilities like the bank, etc. Requirements for the river
control peints, like the establishment of river-protection works near an
abutment, ete. are regulated (n Cabinet Order concerning Structural
Standards for River Administration Facilities, etc.

In Lthe 1980s, the Guideline for Countermeasures against Salt Damage to
Road Bridges (draft} were made for the purpose of Improving durabllity of
concrete materials. It gives guldelines for the covering of reinforcing steel
bars of road bridges constructed In coastal areas, the water cement ratio,
etc,, and scparately glves notice of regulations for the total amount of
chloride in concrete. In addition to them, because {t has begun to be noticed
that the concrete materlal is damaged by alkali-aggregate reaction malinly on
substructures, guidelines also show some measures for using low-alkali
cement or blended cement with neutralizing effect against alkall-aggregate
reaction, etc.

Concerning the maintenance of established bridges, the Qutiine for Road
Maintenance and Repalr and the Handbeook of Road Bridge Repairs have been
produced to introduce construction methods and examples of repair.

2-2 Provision of technical standards for earthquake-resistant design of
bridges and ecarthquake disaster countermeasures

2-2-1 Technica)l standards for earthquake-resjstant design of bridges

In Japan, the Kanto Earthquake of 1923 and enormous damages by It gave
an opportunity to take the influence of earthquakes Into concrete
consideration for the design of bridges. Thus, In 1924 the Publlc Works
Bureau, the Ministry of Home Affairs, introduced, "Earthquake Resistant
Method for Abutments and Plers”, noticing that the horizontal earthquake
forces had to be considered in the design. Changes in earthquake-resistant
standards and seilsmlc forces up to the present are shown in Table 2.1. In
June, 1926, the regulation to deal with the seismic force as one of the design
loads was Included for the first time In the "Specifications for Design of
Roads (draft)” issued by the Public Works Bureau, the Ministry of Home
Affairs; the expected earthquake load for the bridges was subject to
regulations to deal with the maximum stress on every member of the bridge by
“"the maxlmum seismic force at each location”. Replacing these specifications,
was "Specifications for Design of Steel Road Bridges (draft)” issued in 1938.
The horizontal acceleration of 0.2 g and the vertical acceleration of 0.1 g
were regulated as the standard values of selsmic design coefficients and to
Increase or decrease the values considering the condition of the location.
In the revised "Specifications for Design of Steel Road Bridges” (1356 and
1964), the horizontal seismic coefficlent was regulated to vary from 0.10 to
0.30 according to the area and ground condition, and the vertical selsmic
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cocfficient was regulated to be 0.1 as a standard.

The provision of detalled standards for earthquake-resistant design was
in "Specifications for Larthguake-Resistant Design of Road Brldges™ enacted
in March, 1971, taking the lessons learned from the damage caused by the
Niigata FEarthquake of 1864. In the specifications, the seismic design
coefficient was systematically regulated according to selsmic zoning. ground
condition and Importance of the brildge. The modified seismic coefficicnt
mcihod was also adopted for bridges which vibrate easily, such as those with
high plers. In addition to the rules regarding the seismic design coefficient,
the cffects of earthquakes including the deformation of ground caused by
earthquakes werc comprehensively estimated. Also introduced was a safcty
conslderatlion to treat the bridge as a Lotal structure system by glving the
structural detall to prevent superstructures from falling due Lo relative
displacement between the super- and substructures. In May, 1980, Design
Specifications for Road Bridges Part V: Earthquake Resistant Design were
issued, in which the cvaluation method of llquefaction of the ground was
prescribed. Morcover, new ldeas to consider the expected effects of
liguefaction were applied Into the deslgn of foundations. And the
regulations concerning ductility calculation of RC plers and earthquake
input motions for the ecarthquake response analysis were newly added.

After that, In February, 1990, Specifications Part V' for
Farthquake-Resistant Design of Road Bridges were revised. The purposc of
the current earthquake-resistant design method is to ensure that the bridge
structures will not be damaged by small to middle scale earthquakes which
occur with relatively considerable frequency and that bridge collapse will
not occur during large-scale earthquakes like the Kanto Farthquake of 1923.

Fig. 2.3 shows the flow chart of earthquake-resistant design for road
bridges.

2-2-2 Technical standards for earthquake disaster measures

In February,1988, the ™anual for Earthquake Disaster Prevention
Mcasures (Measures before Earthquake and Post-Earthquake Repair Method)”
was published for the purpose of reducing damage to road facllities during
large earthquakes and ensuring rcad traffic after an earthquake,

With regard to measures before earthquakes, while there are some hard
mecasurcs to provide earthquake-resistant design methods for road
structures, so as to have the necessary earthquake resistance and to
strengthen road structures with relatively low earthquake-resistance by
adding necessary seismic strengthening. There are also some soft measures to
provide alternative road structures or routes for minimizing damage effects
on road traffic and varlous measures for rapid repalr of damaged structures
and restoration of necessary functlons after an earthquake. This manual
summarizes the methods for evaluating vulnerable structures and seismic
strengthening wmethod for the road structures, such as embankments,
bridges, tunnels, slopes, etc., and various matters which it is desirable to
examine before an earthguake.

For post earthquake measures, road are indispensable and important
facllitles for evacuation, transport of emergency goods and reconstruction
of varjous facilities. When roads themselves suffer damage. it Is necessary
rapidly and precisely to judge the damage situation, to take proper action
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Table 2.1 History of Design Lcads for llighway Bridges In Japan
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and to precisely carry out temporary and permanent repairs. This manual
shows technlcal methods for damage Investigation, judgment of the damage
degree and repalr methods for varlous structures, such as embankments,
bridges, tunnels, slopes, etc. At the same time, it shows ways to carry out
the rapld restoration work, such as strategy f{or repalr of damaged
structures, the rehabilitation system, Information connection, information
to the publie, conference between related agencles, etc.

3. Design Methods for Substructures

3-1 bistinction of foundation forms by design

Foundations can be classified into shallow and Jdeep ones. Both dircct
foundations and caisson foundations can be regarded as rigid structures.
The difference between them lies In the penetration depth. Generally, they
are distinguished by the ratio of penetration depth to foundation width.

Deep foundations can be classifled Into pile foundations,calsson
foundations, assembled steel plle sheet plle foundatlons, ete. The design
method is determined by whether they are regarded as rigid or elastic
structures. Generally, the value of B 1 Is used as the criterion of rigidity.

in specifications for Highway Bridges, direct foundations, caisson
foundatlons, pile foundations and steel pipe sheet plle foundations are
distinguished as shown in Fig. 3.1 and Fig. 3.2.

Df: Effactive penetration
Direct Caigsaon dapth (m)
foundation foundatiocn Br Short side width of
> DE/B foundation (m)
0 1/2

Fig. 3.1 Distinction betwesen Direct Poundstion

and Caisson Foundation

f L T 1
| Foundation form | Rigidicy | Guideline of Bl indicating |
| | evaluation of | application range of |
| | foundation | designing method |
} t } {
| r A S T T T
| Direct foundation | Rigid structure | | | i | |
: : o
| | Rigid structure ] [ | | | |
| Caisson foundation | (Elastic | €———> | | | [
| , Strueture} ] } |

| } } f }

| Bteel pipe sheet pilas | Elsstic structurs | < } }—>

¥ . : et

[ | Limived | | J<——>]

| | length pile | | | | |

iPile |—————- Elastic structure |} $ - 4 |
|foundation | Semi- | [ : | | | |
1 | unlimited | [ | | [e—dt—> |
1 | length ptle | | | | | | |
i L j - L 1 i ' -t J

1: EBffective penetration depth of founddfIon (cm)

B: Characteristic value of foundation {cm-l), B = 4/ fH.Q
EL

Fig. 3.2 Foundation Forrs and Range of Sl
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3-2 Concept of Stabiiity Calculation of Foundations

The foundation transmits the loads applied to the superstructurc and
the substructure to the supporting ground. Therefore, it must be
dynamically stable. and must not give rlse to harmful displacements. A
foundation's mechanism for resisting loads depends on the construction
mcthod and the depth of the foundation, as well as the relative rigidity of
the foundatlon and Lhe ground. Therefore, resisting mechanisms must be
considered carcfully enough to make a design model and to select check
items for stability calculation.

Table 3.1 shows stabllity check {tems which are used for various types of
foundations. Here, horizontal displacement Is the horizontal displacement
which s resitricted by the substructure.

1) A foundation must be stable against bearing, overturning and sliding.
Examination rclating to overturning Is necessary for shallow foundatlons,

such as direct foundations, but Is generally unnecessary for deep
foundations.

Table 3.1 Check ltems for Stability Caicuiation

[ T ] Ll i 1
| Check item | Bearing power | | | Horizontal |
| b T { over- |} Slid- | displace- |
| Foundation | Verti- | Horizon- | turn | ing | ment |
| type | cal | tal | I | |
1 i l i L 1 ]
™ T T T T T ]
| Direct foundation ] o | (o) | o | o | - |
L 1 ] 1 S ] }
T T T 1 Ll 1 ¥ 1
| Caigson | B <1 ; o | o | - 1 o | - |
| foundation | } } ] } i |
| | g2 | o | o | - | o | o |
1 1 J 1 L [l [ ]
1T ] | \ 1 1 1
| Steel pipe shee: | o | - | - | - | o |
| pile foundation | | i | | {
L 1 . I 1 1 ]
L I 1 I T L] k) 1
| | Limited length | o | - P - - o |
| | pile | | I I I {
| Pile } ; | : : % :
| | Semi-unlimited | o | - -1 - o I
l | length pile | | i ! l I
L 1 1 _f 1 ] 1 '
( ) means that the item must be checked when the penetrated part

partly bears the load.

2) As amounts of displacement allowable for foundations, the following must
be consldered:

@ Allowable displacement determined from the superstructure: This value

lHmits the displacement of a foundation In order to protect the
superstructure from harmful Influences. It Is applicable to a statlcally

irterminate structure and a statically determinate structure to which
displacement is given at the crown of the pler or at the bearing position.
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@ Allowable displacement determined from the substructure: Excessive
horizontal displacement of an elastic foundation is a causc¢ of harmful
residual displacement. Therefore, the horizontal displacement of a
foundation generally must be within the elastic displacement for assuring
Its design stabiliity. In other words, the allowable displacement has been
determined with the meaning of keeplng the horizontal displacement of a
foundation within its elastic displacement. Allowable displacement has becn
set at 1% of the foundation width from many loading tests(Fig. 3.4 and 3.5).
In case of a large clastic foundation of more than 5 m in width, 5.0 ¢m has
been set as the limit because only a small amourt of loading test data are
available and the yield displacement reglon of a foundation cannot be
determined easily. In the case of a pile foundation, 1.5 cm has been set as
the minimum value because previous records prove jts safety. In case of a
rigid foundation, horizontal stabillty Is checked by passive earth pressure
because of its large riglidity. Therefore, there is no special restriction as
10 allowable displacement in the sense of keeping the horizontal
displacement withln the elastic displacement.

3-3 Selection of Bearing Layer and Penetration Depth

A good bearing layer cannot be uniformly defined because It depends on
the importance of a structure and the lJload applied to a foundation.
Cenerally, the following Items may be used as criteria.

1) A viscous soll layer requires careful study when used as a bearing layer
because its bearing power is smaller and lis settlement Is larger compared to
a sand layer. However, it may be considered to be a good bearing layer if its
N value is roughly over 20(its unconfined compression strength q, Is over 4
kgf/cm®,)

2) A sand layer or a gravel layer may be regarded as a good bearing layer if
fts N value Is over 30. However, the decislon must be made carefully because
the N value obtained with a gravel layer sometlmes appears larger than it
really Is.

3-4 Design Fundamentals

Design methods for spread foundations. caisson foundations, pile
foundations and assembled steel plpe pile foundations have been prescribed
in the Japanese Specifications. The deslgn guldellne for the underground
diaphragm wall foundatlon Is under study but at the final stage.

3-4-1 Baslics of deslgn .f spread foundation

1) The vertical ground reaction at the bottom of a spread foundation shnuld
not exceed the allowable vertical bearing power of the bottom
foundation.

2) The position of the resultant loads operation on the spread foundation
should be within 1/6 of the bottom width from the center at normal times
and 1/3 during earthquakes.

3d) The shearing resistance at the bottom of the spread foundation should not
exceed the allowable shearing resistance of the bottom foundation.
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4} The horlzontal reaction operating on the embedded depth of the spread
foundation should not exceed the allowable horizontal bearing power of the

foundation.
5) The displacement of the spread foundation should not exceed the

allowable amount.

3-4-2 Basics of deslgn of caisson foundation

1) Vertical load is to be supported only by the bottom of caisson as a rule.
Max!mum unit subgrade reaction at the bottom of calsson i{s not to exceed
the allowable unit bearing capacity of the ground at the same location.

2) Horizontal load is to be supported by the vertical subgrade reaction at
the bottom of calisson, horizontal subgrade reactlion of the periphery and
shearing resistance at the bottom as a rule.

3) Maximum unit subgrade reaction at the front of calsson {s not to exceed
the allowable unit bearing capacity of the ground, and also the allowable
shear resisting force acting between the bottom of caisson and ground.

4) Displacement at the top of caisson is to be reviewed by taking account of
the allowable displacemenit determined from the relation with the
superstructure,

5) Unlt stress at each part of calsson Is not to exceed the allowable unit
stress during and after the work.
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Fig. 3.6 Caisson foundation
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3-4-3 Basics of design of the plle foundation

iy

2)

4)

5)

6)

7}

8)

Pile foundation Is Lo be so designed that the reaction at the head of each
pile will be lower than the aliowable bearing capacity of the pite.

If the displacement s restricted by the relationship to the
superstructurce or by the required rigidity of plle foundatlon, it is
required to examine the displacement,
bepth of embedment of plle Is to be determined by comprehensively taking
account of the tyvpe and functions of superstructure, bearing mechanism
of pile and workability.

When using piles for the ground which may cause the consolidation
scttiement after work, 1L Is requlred 1o examine the influence of ground
scttlement upon the foundation.

Vertical load is Lo be supported only by piles as a rule.

It Is better to support also the horizontal load only by piles as a rule.
When supporting the load together with piles and embedded portion of
footing, it Is desired to calculite the proportion of the load to be
supported by each of them by taking account of the displacement.

It 1s desired to arrange piles In such & manner that long-sustained load
will be supported by all plles as uniformly as possible. Also, the plles
are Lo bhe arranged by talking account of the rigldity of footing and
shares of load.

Standard minimum interval of piles is to be 2.5 times the dlameter of pile.

--- Ground suriace
| |meDesign ground suriace
i ' Horizontal .
! 3' ground reaction ET.
}
)

) Skin friction f{orce

| | TS

End bearing capacity

v v
gy i AH
]

Fig. 3.7 Pile foundation

3-4-4 Basics of design of assembled steel pipe foundation

1)

2)

3)

4)

Yertical load is to be supported by the bottom ground reaction and skin
frictional force.

The vertical ground reaction at the bottom of steel pipe plle should not
exceed the allowable vertical bearing power at the bottom of foundation.
Horizontal load is to be supported by the vertical subgrade rcactlon.
sharing resistance at the bottom of foundation and the horizontal
subgrade reaction of the periphery.

The displacement of steel pipe plle foundation should not exceed the
allowable amount determined from the relation with superstructure.
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5) Unit stress at each part of foundation Is not exceed the allowable unit
stress during and after the work.
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Fig. 3.8 Assembled steel pipe pile foundation

3-4-5 Baslcs of design of underground diaphragm wall foundation

1) Vertical load Is to be supported by the bottom ground reaction and skin
frictional force.

2) The vertical ground reaction at the bottom of foundation should not
exceed the allowable vertical bearing power at the bottom of foundation.

3) Horlzontal load Is to be supported by the vertical subgrade rcaction and
shearing resistance at the bottom of foundation, the horizontal subgrade
reaction of the front of foundation. shearing resistance of the both
sides of foundation.

4) The displacement of dlaphragm wall foundatfon should not exceed the
allowable amount determined from the relation with superstructure.

5) Unlt stress al each part of foundation is not exceed the allowable unit
stress during and after the work.
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Fig. 3.9 Underground diaphragm wall foundation




3-5 Design Procedure of Pile Foundatlion

3-5-1 The design procedure of plle foundation

The design procedure of pile foundation Is shown In Flg.3.10.

i
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@Asousetion of ithe required nusber of rptles
and Arrengenment of these pilles
®Calouintion of tha spring oonstaniz of each plle
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Fig. 3.10 Design Procedure of Pile Foundation



3-5-2 Vertical bearing capacity

Formula of bearing capacity of a plle Is glven below,
Ra= 7 (Ru - Ws) + Ws - W

In which Ra: Allowable push bearing capacity fn the axial direction at the

pile head (Lf)

n : Safety factor shown in Table 3.2

7 . Safety factor correctlon coefficient according to differences
in the ultimate bearing capacity estimating method.

Ru: Ultimate bearing capacity of plle determined from the ground
(tf)

Ws: Effective weight of the earth to be replaced by the pile (tf)

¥ : Effective weight of the plle and earth {n the pile (tf).

Table 3.? Safety Factors

Pile type
Bearing pile Friction pile*

Loading type

During normal times 3 4

During earthquakes 2 3

If the friction pile under the following conditions is used, the safety
factors for bearing plles are applied to friction piles which have the same
degree of safety as bearing plles.

Q@ Heavy ground scttlement is neither in progress at present, nor
ant.cipated in the future.

@ The pile length is at least 25times as large as the plle diameter (Fig.
3.11). (The length must be at least 25m for plles with a diameter larger
than 1m.)

@ If the ground is cohesive, at least 1/3 of the overall plile length is
penetrated Into over consolidated ground.

For a friction pile, the bearing capacity of the end is not conslidered in
principle. Since inner digging piles of the friction pile type have not been
used and thelr bearing capacity characteristics are unknown, they should
not be adopted in principle.

Safety relating to the bearing capacity of a plle is to be guaranteed by
the safety factor correction coefficlent which Is determined with
consideration given to the accuracy of the ultimate bearing capacity
estimating method (Table 3.3).
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Fig. 3.11 Percentage of transmitted load to the end

bearing ground 7 and penetration ratio ¢/p

Table J.3 Safety Factor Correction Coefficient Y according to

Ultimate Bearing Capacity Estimating Method (Fig. 3.12)

Ultimate bearing capacity Safety factor correction
estimating method coefficient

Bearing capacity formula 1.00

Vertical loading test 1.20

Ru is the ultimate bearing capaclty of a pile which Is determined from the
ground. It is determined by the following equation from the end bearing
capacity and the skin friction bearing capacity.

Ru=qd -A+« UZ 2, -T;

in which qd: Ultimate bearing capaclty per unit area at pile end (tf/m®)
A : Plle end area {m®)

U ; Circumferential length of pile (m)

£ . thickness of layer requiring consideration of skin frigpjonal
force (m)

: Maximum skin frictional force of layerrequi[Pringconsideration
of skin frictional force (tf/m?)



6.0 Bearing pile

o ) }-Specifications' formura
Friction pile

(1980)
5.0 -

Bearing pile }
40k Friction pile

Newly proposed formula
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1.0 F Loading test

1 1 . § [ - |
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QL/Qp (Live load/Dead load)

Required safety factor

Fig. 3.12 Comparison of required safety factor for
prediction methods of bearing capacity

(in case of cast in place pile)

1} Estimation of end bearing capacity qt

@ Estimation of ultimate bearing capacity of pile end qd.
In0669casecfadrivingpile,the ultimate bearing capaci[Ptyotfthepile end is
estimated from Fig.3.13.



In Fig. 3.13, N (N value of pile end ground used for

dasign) is obtained with the following equation:

4 ‘\Appucabl.e to open end steel pipe pile

s

V4 )
/ ]
i 1
0 5 10
( onverted penetration depth to bearin a er)
Pile diameter
Fig. 3.13 U!timate Bearing Capacity q« of

Pile End Ground

=N+ N (Ns 40)
2
In which N1: N value at pile end position
N2: Average N value In a range of 4 x the plle dlameter in an upward
direction from the pile end

@ In case of cast in place pile, qd is glven by Table 3.4.

Table 3.4 Estimated gqg of Cast-in-place Piles (tf/m?)

Ultimate bearing capacity of end

Ground type
Gravel layer or sand 300
layer (N 2 30)

Hard cohesive earth layer 3qy

Note that qyu is the unconfined compression strength (tf/m?)




@ For inner digging piles, qd Is taken form Table 3.5, according to the end

treatment method.

Table 3.3 Ultimate Bearing Capacity of End of

Inner Digging Piles

End treatment method

Calculation method of end
kearing capacity

{a) Pinal impact

The method used for a driving
plle is applisd.

(b) Cement milk exuption
and agitation

Bearing capacity of end
(tf/mt)
qd ={15N {< 750)
Sand layer
20N (s 1,000)

Gravel layer
in which N: N value of pils

end ground

{¢) Concrete placing

The end bearing cnpneity of
cast-in-place pila i
applied.

2) Estimation of maximum frictional force of pile skin f,

The maximum frictional force of pile skin is estimated from Table 3.6,
according to the plle construction method and the ground type.

Table 3.6 Skin Frictional Force (tf/m?)

Ground type Driving pile Cast-in-place | Inner digging
method pile methed pile method
Sandy ground 0.2N (= 10) 0.5N (s 20) 0.1N (5 5)

Cohesive ground

C or N (S 15)

Cor N (s 15) 0.5C or 0.SN
(< 10)

Note: Skin frictional resistance should not be considered in

the case of a soft layer of N s 2.

3-5-3 Coefficlent of ground reaction in the horizontal direction

The coefficient of ground reaction In the horlzontal direcilon is
obtalined by the following equation.




kn = kpo * ( 35 )

In which
ki : Coefficient of ground reaction in the horizontal direction
(kgf/cm=).

Kua: Coefflcient of ground reaction in the horizontal direction
(kgf/cm®) which is equivalent to the value of a plate loading test
using a rigld disc of 30 cm (diameter)., It is obtained by the
following equation when it s estimated from the modulus of
deforumation obtained from various soil tests and investlgations.

;
Ky :30 o -Fo

By : Converted loading width (cm) of the foundatlon perpendicular to
the leoading direction. In case of ground related to the horizontal
rcsistance of an elastic foundation, a range from the design ground
level to about 1/ 8 should be considered.

¥o . Modulus of ground deformation of the position usually obtained by
N-values{kgf/cm®).

a : Modulus used for estimating the coefficient of ground reaction.

An @ loading area of the foundation (cm®) perpendicular to the loading
direction.

D : Loading widih of the foundation (cm) Perpendicular to the leading
direction.

1/ 8 : Depth of ground related to the horizontal resistance (cm). It
should not be less than foundation length.

B : Characteristic value of the foundation

4 _k_H_Z..D_. -1
vV 4EI (em™)

El : Bending rigldity of the foundation (kgf-cm®)

Fig. 3.14 shows comparison of observed and calculated k-values.
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3-5-4 Coefficient of pile head reaction in the vertical direction

The coefflcient of pile head reaction in the vertical direction
K«(vertical spring constant of a pile) Is defined by the following eq.

R, £ Y
ke = a ¢
Where,
a:Coefficlents(Table 3.7)
Ap:Sectional area of a plle
Ee:Yang's modulus of a pile
2 :Pile length
In case of steel plpe piles, Fig. 3.15 shows prediction errors of
kKy-values compared with observed values.

Table 3.7 Prediction formura of a constants

Construction) o ma (2.D) + 8

) P P 0.014(2.7D) +0.78
PC-PHC 0.013(2.7D) +0.61
c C P 0.031(£.7D) —-0.15
Embedded S P P 0.009(£.7D) +0.38
Eabedded P C 0.011(£.7D)+D0.36
P B P 0.009(£.7D) +0.81

500

Predicted

K.(tf/ca)
400

200

0 20 40 0 680 100 120
¢/D
Fig. 3.15 Comparison of predicted and

observed k. values(in case of $PP)



DESIGN DETAILS OF REINFORCED CONCRETE BRIDGES IN JAPAN

Talsuke Akimoto (I)

HISTORY OF SPECIFICATIONS OF CONCRETE BRIDGES

"Standard Specifications for Concrete™ (Japan Soclety of Civil
Engineers (JSCE)) had been revised again and again since its establishment
in 1931. and in 1949 it became almost the same fcrmat as 1is today. The
revision was repeated In 1956, 1967, and 1974. Finally, after design method
for shear forces was changed in 1980, basic design concept was changed from
"Allowable Stress Design™ to "Limit Design" in 1986.

In designing reinforced concrete highway bridges, loads and allowable
stresses were declded based on "Road Law". On the other hand, design
calculation and structural detalls were determined using “Standard
Specificatlons for Concrete™ (JSCE). In addition,  Specifications for
Reinforced Concrete Highway Bridges” was established in 1964 as the first
specifications for concrete highway bridges. While loads and structural
detajls were specified in "Specifications for Reinforced Concrete Highway
Bridges”, design calculation was made based on "Standard Specifications for
Concrete™ of 1956 (JSCE).

In 1978, "Specificatlions for Highway Bridges, Part [I1I: Concrete
Bridges™ was established, combining "Specifications for Reinforced Concrete
Highway Bridges"” and "Specifications for Prestressed Concrete Highway
Bridges (1968)". Before that, in 1971, "Seismic Specificatlons for Highway
Bridges” was established, contributing successfully to the seismic design
of Japan. Furthermore, in 1975, "Gulde for Reinforced Concrete Structures
Using D51 Reinforcing Bars (Tentative)"” (JSCE) was establish, in which a
design 1dea of the anchorage of longitudinal reinforcement at mid-height of
a reinforced concrete bridge pler was clearly presented. At the same time,
"Limit Design” was energetically discussed outside Japan. Consequently, the
revision of 1978 became drastic. The major changes are as follows:

(1) In addition to conventfional stress checks based on "Allowable Stress
Design”, "Limit Design” under ultimate loads was obliged.

(2) Design method for shear forces and allowable stresses were changed,
while design method for torsion, structurzl details (minimum amount of
reinforcement, anchorage 1In a tensile zone, and etc.). and
construction were added.

Other parts of "Specifications for Highway Bridges™ (Part I: Common
Specifications (Loads, Materlals, and etc.), Part II: Steel Bridges, Part
IV: Substructures, and Part V: Selsmic Design) were revised in 1980, and
the design of bridge piers and foundations could be made based on “Part
IV". Before the revision, "Specifications for Reinforced Concrete Highway
Bridges" and "Standard Specifications for Concrete"” (JSCE) were used for
stress calculaticn and structural detalls.

{I}) Head, Design and Research Division, Engineering Departament
Metropolitan Expressway Publlic Corporation, Tokyo 100, Japan



Since there is a possibility that the difference in the degree of
safety might be induced between the old and new design of concrete bridge
plers and etc. due to the "Specifications for Highway Bridges"” revision of
1978 to 1980, the necessity of preventive malntenance has been studied.

In 1990, "Specifications for Highway Bridges (Part I - V) were
revised. While there 1Is no big change in Part III (Concrete Bridges),
drastic change 1s made 1In Part V that check for horizontal ultimate
strength of reinforced concrete bridge piers at the time of earthquake 1Is
specified. Consequently, the design for ductility of reinforced concrete
bridge plers became clear. As the change might also ~cause the difference in
the degree of safety between existing and future bridge piers, the
necessity of preventive maintenance Is examined.

The specifications of JSCE employed "Limit Design” in 1986. As for
highway bridges, research is belng carried out to revise the specifications
based on "Limit Design” in 2001.

MAJOR CHANGES IN SPECIFICATIONS
FOR REINFORCE CONCRETE HIGHWAY BRIDGES

In this section, major changes concerning seismic design in
"Specifications for Reinforced Concrete Highway hiidges” are discussed
cxcept for loads and materials.

Nesign Methods

The 1978 revision of general rule for design calculation in
"Specifications for Highway Bridges Part I1J}: Concrete Bridges™ was that
~heck for safety factor based on "Ligit Design" was specified in addition
to conventional check for stresses based on "Allowable Stress Design”. 1In
other words, this "Specifications” is considered to be at a transition
stage to the future specifications based on "Limit Design". The revision
made design a 1ittle complicated. But, at the same time, the
"Specifications” clarifies the way the future design specifications should
be since It shows the dllemma of beth design concepts.

The "Limit Design” has not been established yet in the
"Specifications” since only the following loads are specified.

1. 0 or 1. 3« {Dead Load} + 2. S« {Live Load ¢+ Impact)
1. 7« (Dead Load + Live Load + Impact)
1. O or 1. 3« {Dead Load} + 1. 3« (Earthquake Force)

(=3 = =]

The yleld strength of members Is supposed to check for sectional
forces due to the above-mentioned loads. In general, the design of main
girder with shorter span, slab, and substructure tends to be determined by
"Limit Design”™.

In the design of many reinforced concerete plers, the check based on
"Limit Design"” will be unnecessary when finishing check for horizontal
ultimate strength at the time of earthquake based the "Specifications, Part
V" of 1990. Consequently, the design method will be esteablished based on
future research.

Design of Members Subject to Shear Forces

Before the 1978 revision of “"Specificaltons for Highway Bridges, Part



111: Concrete Bridges", the design of members for shear forces was madc as

follows:

o T=5/(b-jd)e1,y ..... (1) (Minimum shear reinforcemeut shall be arranged
since concrete resjsts shear forces.)

0 Tal & TvTa2  eeees (2) (Required shear reinforcement shall be arranged
using the following equation.)

A,=(8.8}/ [Cas-j-d(sin&scosB)]....... (3)
01 Tz e (4) (Larger concrete cross section shall be used.)
where, S: Shear force at the section of a member
b: Web thickness cor width of a member
j -d: Distance from the actfon point the resultant of

compressive stresses to the centroid of the

a: Pitch of diagonal tention

direction of the member

reinforcements in

tention steel

the axial

f: Angle between the diagonal fention relnforcement and the
axlal direction of the member

¢, Allowable stress of -einforcement 8SD30 ..

1800 kg/cm 2)

tai; Allowable shear stress of concrete (Table 2)

10t Maximum allowable shear siress of concrete (Table 2)

Table 2 Allowable shear stress of concrete (kg/cm?)

Speciflied compressive

strength of concrete 210 240 270 300
“al 6 7 8 9
a2 18 20 22 24

In the 1978 revision, the design of members for

changed as follows:

shear forces was

0 Tp=8/{b-d) zT1a...., (5) (Minimum shear reinforcement shall be
arranged since concrete resists shear
forces.)

0 1asTms1aZ0ria STm » Tma=Su/(b-d) s7,.x-. (6) (Required shear

reinforcement

shall be arranged using the
following equation.)

Aw=1.15 [(S-0.5#5:)-al/ [Cys5-d(sin® +cosf)i

or, Aw=1.15((Sy~Sc) a / Osy.d(sin®t +cos8}]

0 “mia20f Tmu STmax

(7)

(8)

(9) (Larger concrete cross section
shall be used.)



where, d: Effective depth of the section of a member, the distance
from the extreme coaressive fiber of the member to the
centroid of the tention reinforcements

Su: GShear force due to the ultimate loads at the section of a
member

Sc: Shear force carried by concrete
Sc=Tab-d ..., {10)
Ogy* Specified yleld strength of diagonal tension reinforcements
Ta: Allowable shear stress of concrete {Table 3)
Tmwe UPper limits of shear stress of concrete (Table 3)

Table 2 Allowable and Upper Limits of Shear
Stress of Concrete (kg/cm®)

Specified compressive
strength of concrete

Ta 3.6 3.9 4.2 4.5

210 240 270 300

28 32 36 40

T max

Figure 1 shows the relationship between shear stress and stress
supported by stirrup concerning the above-mentioned revision.

Furthermore, the 1990 revision specifies the check for horizontal
ultimate strength of relnforced concrete bridge plers at the time of
earthquake to design ductile bridge piers, which are expected to show
bending failure prior to shear fallure during earthquake.

Minimum Reinforcement

Before the 1978 revision, structural details were designed based on
"Standard Specifications for Concrete” (JSCE).

Minigum amount of reinforcement was specified as follwos:

o Tension or compression reinforcement of beam Asr... Ast/{b-d}<15/sy=0.5%
{SD30; 0sy=3000 kg/cm? )

o In beams, stirrups (D56 mm) shall be arrangd. The spacing of stirrups 1
shall be (1} In case Ty; £TSTa7, 152/d and b, and (2) In case
1 £ d. When compression reinforcement is provided, 1 15x(Diameter of
Compression Reinforcement) and 48x{Diameter of Stirrup).

o As for the longlitudinal reinforcement of columns, (Diameter)s 12mm,
(number}s4, and 0.8%x{Concrete Cross Sectional Area)}S${Area) s 6xx{Concree
Cross Sectional Ares).

o As for tles of coltumn, (Diameter)<é mm, {Spacing)s{(Minimum Horizontal
Dimension of Column}, 12x(Diameter of Longitudinal Relnforcement), and
48x (Diameter of Tie). Enough tlies shall be provided at column joints of
beams and etc.



The following changes were made in the 1978 revision. No other changes
were made, then.

0 At any section, bonded steel (<D13; Deformed bar, diameter 13 ma) of
0.15% or more of the area of the member shall generally be arranged.

o Girder-Area of axial tenslon maln reinforcements Ag(S 0.005b-d
-However, the above needs not be applied for a girder having
arranged reinforcements not less than 4/3 of the required value
by calculation.
-Area of dlagonal tenslon reinforcements Aw:0.002b-a-siné
-a<d/2 and 30 cm(tal $1<1a?), a 3d/4 and 40 cm (1<71al)

¢ Column - Area of axfal main reinforcements A <0.008 A
(A; Sectional area of the column)
-Area of diagonal tension relnforcements Aw 0,0015b-a-sin ©
-asbyin/2 and 30 cm (bpin: Minimum size of member section)
-Arrangement of reinforcements at an intermediste joint of rigid
frame members ..... Fig. 2

The following changes are made in the 1990 revision.

¢ Column: In Part IV, appropriate amount of tle 1is specified for
Jongitudinal reinforcement.

Table 3 Appropriate Tie

pr (%) | O<py =0.5 0.5<p¢ £1.0 1.0<pg

(%) 0.15 0.20 0.25

(Note) Where p.: Longitudinal tensile reinforcement ratio
py: Tle ratio
In case D235 mm, stirrups (D16) shall be arranged.

Tie arrangement at column joints of beams or footing is changed as
shown in Fig. 3.

Since 1967 "Standard Drawings for Relnforced Concrete Structures"” of
the Metropolitan expressway Public Corporation has been specifying that
D16-22 ties shall be used for longitudinal reinforcement with a diameter of
more than D29.

Anchorage of Main Reinforcement in Tensile Zone of a Member

As for development of reinforcement, no drastic change has been made
since the establishment of "Standard Specifications for Concrete” of 1956
(JSCE). (Fig. 4)

In general, the anchorage of reinforcement shall be made in
compression zone of a member. But in some cases such as anchorage at mid-
height of reinforced concrete bridge pler, It is unavoidable to anchor bars
in tensile zone of a member. In such cases, as specified in "Standard
Specifications for Concrete” of 1967 (JSCE), reinforcement shall be
extended beyond a point of concrete where design calculation shows
reinforcement does not need to support bending moment. Although the article
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specifies the anchorage length shall be determined to aveid harmful
cracking of concrete near the end of anchored bar as well as to have enough
development length, no specific values are given. At this point, "Guide for
Reinforced Concrete Structure Using DS1 Reinforcing Bars (Tentative)"” of
1975 (JSCE) specifies clearly that the reinforcing bars at the second layer
may be cut at the point where reinforcing bars are extended by the same
length as the effective depth of the beam from the cross section where
design calculation shows no relnforcement 1is necessary, bent at an
appropriate angle, and extended 20 from the bending point. In this case,
enough consideration shall be given to avold affecting concrete cracking
and ultimate shear strength. In addition, "Commentary” indicates that 1in
case anchored bars occupy more than 20% of whole tensile relnforcement
arranged at the cross section, design shall be made to meet the following
two articles for shear stress near the bending polnt of reinforcing bars:
(a) T 0.6 Tg2, {b) Even If 1273, all the shear forces shall be supported
by ties.

In response to the above, "Specification for Highway Bridges, Part
I11: Concrete Bridges" of 1978 Indicates the following in "Commentary”.

When it is Inevitable to anchor the main reinforcements in the tensile
portion of a member, cither of the following measures must be taken.

(1) The reinforcements ta be anchored shall be extended from the section
where the reinforcements are calculated to be not necessary by a
length equal to the effective depth, and at the position, be bent at a
proper angle sco as to take a large cover. Then, they shall be extended
from there by a length of not less than 20 times the dlameter of
reinforcements and be stopped. However, In this case, the shear stress
under the wultimate loads between the position of no necessity for
reinforcements and the point of the stop shall be 1/3 or less of the
value Tpay.

(2) Reinforcements to be anchored shall be extended and stopped at the
position where the tensile stress of continuous reinforcements becomes
1/2 or less of the allowable stress Osz. However, in this case, the
shear stress under the service loads between the position of no
necessity for reinforcements and the point of the stop shall be 2/3
or less of the value 1al, and the length between the <{wo positions
shall not be less than the regquired anchorage length.

In the 1990 revision, the condition for shear stress is 152/371a2 to be
applicable to check for design loads.

Additionally, since 1967 "Standard Drawings for Reinforced Concrete
Structures” of the Metropolitan Expressway Public Corporation has been
specifying that at least one half of whole main reinforcement of column
shall be extended to the top, and that the rest shall he divided into at
least two parts and anchored at mid-height.

Splices of Relnforcement

Although there Is no big changes from the previous one, articles for
design and execution of gas welding splices were specified In 1978.
Generally, relnforcing bars with a diameter of more than D29 are welded
with gas. In 1982, “"Guide for Splices of Reinforcement” (JSCE) was
established and quallty criteria for mechanical splices were specified.
Various types of splices are now used which meet the criteria.
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Other Detalls

Other structural detalls are as follows:

o Traditionally, haunches are generally made at column joints of beams, and
haunch reinforcesment is provided as shown In Fig. 6.

(2)
(3)

(4)

Bending Radiuses of reinforclng bars, which are traditionally used, are
shown in Fig. 7.

Reinforcement arrangement for torsion, which was specified in the 1978
revision, is shown in Fig. 8.

Ties for large cross sectlon, which was specified In the 1978 revision,
is shown In Fig. 9.

Reinforcement arrangement for joints of rigid frame, which was specified
in 1978 revision, Is shown Fig. 10.

Reinforcement arrangement for footing, which was specified in 1980
revision, is shown In Fig. 11.

Reinforcement arrangekent for plle, which was specified in 1980
revision, is shown In Fig. 12.

Traditionally, specified compressive strength of concrete 9ck is 210
kg/cm2. As for reinforcing bars, SD30 (Osy=3000 - 4000 kg/cm?®, Jsu 4500
kKg/cm®, and elongation 16X% was generally used. But since then 1978
revision, SD35 sy =3500 - 4500 kg/cm?, Og,=5000 kg/cm®, and elongation
18X} has been used.

EXAMPLES OF REINFORCEMENT ARRANGEMENT
FOR CONCRETE SUBSTRUCTURES

Reinforcement arrangement for rigild frame bridge pler is shown in Fig.
13 (1) and (3).

Reinforcement arrangement for footing is shown In Fig. 14.

Reinforcement arrangement for cast-in-place concrete plle 1s shown in
Fig. 15.

Reinforcement arrangement for two storey rigid frame bridge piler 1is
shown in Fig. 16.
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The following amcunt of stirrup should be arranged.

I section: More than 0.002b-a and more than 1.2x{required amount at the
time of earthquake).

II section: More than 0.002b-a.

III section: More than 0.0025b-a.

IV section: More than 0.0015b-a.

where b: Beam width (cm)
&: Stirrup or tie spacing (cm)

Fig. 3 Reinforcement Arrangement at an Intermediate Joint
of Rigid Frame and Bridge Pier
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Tension

amounting not less than
Agy /3 are extended straight

Inflection point for the bending
momasnt not shifted

Effective depth 1/16 of effective
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Anchorage
length

main reinforcements

Bending position
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1 |

{ Effective.  bending moment not shifted
drpth Quntuily of tension main
: reinforcements Ass

-

1

Anchorage length

1
Note) § v Quantity of tension main
Anchorage Effective| reinforcements As.
depth
length _1 Bending position for _he .
H I bending moment not shified
{Support) |__Bending position (Support)
Main tension reinforcements larger than Ag, /3
are anchored beyond the support

Note:
length

The anchorage length shall be the determined ),
However, when the ends are hooked,

by equation (4.2.1)).

[anchorage
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is enocugh that the anchorage length be not less than twice the cover
of tension steel or 20 em or more from the support.

Fig. 4 Anchorage of Longitudinal Main Tension Reinforcements
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Fig. 6 Reinforcement Along a Haunch
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Fig. 10 Arrangement of Relnforcements at an End
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¢
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More than D19
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{a) Reinforcement arrangement {b) Reinforcement at a
(Lower main reinforcement) footing end

Fig. 11 Reinforcement Arrangement of a Footing

Center-to-center distance between hoops in the anchor

portion of main reinforcing bars; not greater than
15 ¢cm

Length of the anchor portion of wmain
reinforcing bars: not less than 354

Lowver main reinforcing bars
of the footing

Position of lower main
hiek ¢ th reinforcing bars of the
Thickness of the
footing: 15 cm
footing: not less ™~ T> £
than D ‘
r == —t- Length of the projecting

portion of pile head:10 em

Not less than D/2

T~ Diameter of main reinforcing
Not less than QQM,//”///‘ bars of pile: ¢
41

Center-to-center distance between
hoops in the pile head: not
= greater than 15 cm

-
:: Diamecer of pile: D

Fig. 12 Reinforcement Arrangement of a Pile (Insert)
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Damage to San Francisco Bridges
in the Loma Prieta Earthquake

1) An Overview of Damage to Highway Bridges During the Loma Prieta
Earthguake of October 1989
(H.S.Lew)

2) San Francisco Double Deckers - Observed Damage and a Possible
Retrofit Solution
(M.J.N.Priestley, F.Selble)

3) Full-scale Tests on the Cypress Viaduct
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AN QVERVIEW OF DAMAGE TO HIGHWAY BRIDGES
DURING THE LOMA PRIETA EARTHQUAKE

by H. 5. Lew
Building and Fire Research Laboratory
National Institute of Standards and Technology

% At 5:04 p.m., Paciffc Daylight Time, on Qctober 17, 1989, an earthquake with a
surface-wave magnitude of 7.1 occurred with its epicenter located about 10 miles
(15 km) northeast of Sanva Cruz and 60 miles (95 km) south-southeast of San
Francisco, California. According to the U.S. Gevlogical Survey, the earthquake
ruptured a segment of the San Andreas fault below the Santa Cruz Mountains. The
hypocenter was about 11 miles (18 km) beneath the Earth's surface, and the
rupture propagated about 25 miles (40 km) both northwest and socutheast within
a 10-second period. The earthquake was felt over an area of 400,000 square wiles
(1,000,000 sq km), from Los Angeles to the south, Oregon to the north, and
western Nevada to the east. This zarthquake, named the Loma Prieta earthquake,
was the larpest on the San Andreas fault since the great San Francisco sarthquake
of 1906 (M = 8.3) when a 275-mile (440-km) stretch of the faulc ruptured. This
report presents an overview of damage to highway bridge structures during the
earthquake. g«

Introduction

The main highway network in the San Francisco Bay region sustained serious damage
at several locations. The most notable is the damage to and collapse of the
long, double decked viaduct sections of freeway in the San Francisco and QOakland
areas. Except for the collapse of a single link span of the double-deck section
of the San Francisco-Oakland Bay Bridge, most bridges in the area of the San
Francisco Bay survived the earthquake with relatively minor damage. Most bridges
and viaducts had been strengthened in the California Department of Transportation
{(Caltrans) Phase I seismic retrofit program which included identification of
structures that are vulnerable to excessive displacements in the longitudinal
direction and have the potential to have spans collapse. Typically, these
structures have narrow hinge seats or discontinuities in the superstructure
across plers or abutments and were constructed prior to 1971. <Cables or bars
were placed across these joints, tying the elements of the superstructure
together.

Following the Loma Prieta earthquake Caltrans nmnglneers conducted preliminary
inspections of more than 1500 bridge structures in the area affected by the
earthquake and determined that some 73 bridges had suffered minor damage of
varying degrees, that five major viaducts and five other bridges suffered
significant structural damage, and that major or partial collapses occurred at
three sites. Figure 1 depicts the locations of the five damaged viaducts and
the collapsed span of the Bay Bridge, indicated by shaded circles, and the I-
880 collapse by the shaded oval.

-111-

Preceding page blank



The I-880 Collnpae

Interstate 880, also known as the Nimitz Freeway, Is & primary north-south
oriented 8-lane highway connecting San Jose with Interstates 580 and 80, adjacent
to the east end of the San Francisco-Oakland Bay Bridge. Generally, 1-880 is
a ground level freeway with the exception of a 2 wile (3 km) elevated segment
which is oriented approximately north-south and {s bounded by 7th Street on the
south and 34th Street on the north in Oakland (see fig. 2). The configuration
of the elevated portion, known as the Cypress Structure, consisted of a bi-
level system with four lanes of north-bound traffie on the first level,
approximately 25 feet (8 m) above ground level, and four lanes of south-bound
traffic on the upper level, approximately 50 feet (15 m) above ground level.
Surface level traffic paralleled the Cypress Structure on both sides with
underpasses at the major cross streets. Design work for this section was begun
in 1951 and construction was completed in 1957, 1t is to be noted that the
AASHTO design specifications for highway structures for this period (AASHTO,
1953) make no reference to design requirements for resisting lateral loads.
However, the Caltrans Bridge Department desipgn supplement for earthquake loads
(Caltrans, 1949) did require bridge structures to resist earthquake loads of
0.06 times the weight of the structure for bridges on pile foundations as used
for the elevated portion of I1-880.

The structural configuration of the Cypress Structure consists of a series of
124 reinforced concrete transverse bents which support longitudinal cellular box
girders that carry the road deck. The box girders vary from 71 to 90 feet (22
to 27 m) in length by 55 feet (17 m) wide and are integrally cast flush with
the tops of the bhent girders as shown in figure 3. The road deck has a
relatively uniform weight of approximately 8 tons per foot (230 kN/m) along the
longitudinal direction, which can be used to determine vertical and inercially
induced loads to the various bents,

There were 11 distinctively different bent configurations used on the Cypress
Structure, but only three primary types were present in the majority of the
collapsed section, which extended from the first expansion joint north of Bent
63 at 18th Street to just short of Bent 113 at 34th Street. The total length
of the collapsed section was 3970 feet (121G m), contrary to the 1.5 mile (2.4
km) figure commonly quoted in the media following the quake. The three
predominant bent configurations are shown in figures 3 through 5 and are labelled
as Type 1, 2, and 3 bents. A fourth type, which was similar to the Type 3 bent
but with an additional support column for the first level and prestressing for
the upper bent girder, is shown in figure 6. A fifth variant, similar to a Type
2 bent, but with a cantilevered detail for the lower level girder, is shown in
figure 7.

There are several characteristics common to most bents for the Cypress Structure.
In all cases the lower pertion of each bent, comprising two vertical support
columns and a horizontal (some were superelevared) connecting girder, was
designed to achieve a moment resisting connection between the columns and girder.
The columns generally measured 72 inches (1.83 m) deep by 48 inches (1.22 m) wide
and were heavily reinforced with 44-#18 Grade 40 longitudinal reinforeing bars.
Contrasting this massive axial reinforcement, #4 bar rectangular ties with 90-
degree hooked ends were provided on 12 inch (310 mm) centers as lateral
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confinement. The columns were supported by a 36 to 54 inch (0.91 to 1.52 m)
thick reinforced pile caps which in turn were cast on top of driven plle
foundations.

Type 1 bents, which comprised more than half of those in the collapsed section,
were designed similarly to the lower bents, that is, moment resisting connections
between the columns and cross girder, and pinned connections at the base of both
columns. The upper columns were tapered from 48 inches in width at the top, to
accommodate girder reinforcement, to 36 inches (910 mm) at the bottom with a
constant 48 Inch section depth.

Figure 8§ shows a ground-level view looking northward from Bent 86 on the west
side of the expressway. All of the bents visible in this photo were Type 1 which
invariably exhibited a symmetrical failure with both upper columns shearing free
at their base and being splayed outward as the upper deck fell. The timber posts
visible beneath the lower deck were installed by Caltrans under each bent to
insure that there was no subsequent settling of the structure during rescue
operations. Further evidence that the upper deck fell nearly squarely on the
lower deck with no significant sidesway is shown in figure 9 which is looking
northward from atcp Bent 80.

Figure 10 shows a closeup of a Type 2 bent failure in which the eastern half of
a series of three-hinged prestressed bents collapsed, due to shearing failure
at the base of the east celumn, leading to a rigid body rerztiun of the upper
deck about the western, two-hinged columns. As can be seen, the western column
shear keys did perform as hinges even under rotations sufficient to cause
compressive spalling on the interior face of the columns (fig. 11).

Interstate 280

Aside from the damage te I-8B0, structural damage at four other locations are
shown in figure 12,

Interstate 280 (1-280) traverses the southern part of San Francisco from west
to east and proceeds in a northern direction along the eastern shoreline. The
highway was named the Southern Freeway when it was designed. The portion south
of Army Street was designed according to the 1961 AASHO Specifications {AASHO,
1961), and the portion near Sixth Street was designed according to the 1965
AASHO Specifications (AASHO, 1965). Damage was observed at two locations:
several blocks south of Army Street and at the Sixth Street ramp (see fig.12).

Figure 13 is an aerial view, looking south, of 1-280 south of Army Street. At
this location a two-level elevated highway (to the south) transforms inte to a
single level divided highway (tc the north). In addition, there is an exit ramp

for the lower level northbound section. Damage was observed at Bent numbers
48, 51, and 52.

Figure 14 is a schematic elevation view (looking north) of Bent 48. The top
girder is post-tensioned and supports at the columns are designed as pinned
connections, with detalls similar to those used on 1-880. The column
reinforcement includes #18 longitudinal bars and #4 ties at 12 in. (0.30 m)
spacing. The damage occurred at the tap of the west-side column., Figure 15
shows the nature of the damage, which appears to be a combination of diagonal
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tension failure and splitting parallel to the longitudinal column steel. Note
that the girder is permanently displaced toward the east.

Figure 16 is a schematic elevation view of Bent 52, The configuration of Bent
51 is similar. The upper, post-tensioned girder is monolithic with the column
on the west side and is supported as a pinned connection on the east side.
Figure 17 is view (looking south) as seen from the lower northbound lanes; the
upper girder of Bent 52 is in clear view. Damage occurred to the east-side
columns of Bents 51 and 52 at approximately the elevation of the roadway. Figure
18 shows the damage in Bent 52 as it appeared on the northern column face. The
damage in Bent 51 was similar.

Some minor damage accurred due to pounding. It is seen In figure 13 that where
the roadways become side-by-side, the columns supporting the upper roadway are
close to the lower roadway of these columns which support the upper roadway was
damaged due to pounding with the lower roadway, as can be seen in figure 19.

The complex geometry of this portion of 1-280 is likely to be a fseror in
explaining the causes of the damage. Figure 20 is a schematic to illustrate
the changing structural configuration as the highway changes from a two-level
elevated structure to a single-level divided structure. 1In part (c) of the
figure, a tall structure is connected to a short structure. The natural period
of vibration of the short structure is shorter than the natural period of the
tall structure. Hence it is likely that at some time during the shakling, the
roadways were moving in opposite directions. This would lead to high lateral
forces at the junction of the two structures, which is consistent with the
location of the observed damage. Where the two roadways are completely
separated, as in figure 20(d), motion in opposite directions would lead to
pounding as was observed.

The other damage to 1-280C was observed at the Sixth Street ramp, where the
highway crosses China Basin., Figure 21 is an aerial view of the site showing
the elevated exit ramp crossing over the main highway. Figure 22 is a ground-
level view {looking west) showing the exit ramp above the northbound lane of I-
280 exit. The photograph was taken several weeks after the earthquake, and
wooden cribbing was being positioned to provide temperary support. The exit ramp
is typically supported by a single pier except at this location, where it is
supported by a bent (number N-35). The supporting structure for the high-level
ramp is attached to the lower highway in a manner similar to that shown in figure
20(c), i.e., one column is part of the bent for the main roadway, and the other
column is free-standing. Damage occurred in the girder supporting the ramp.
Figures 23(a) and 23(b) show the nature of the damage on the east side and west
side of the bent, respectively. On the east-side, diagonal cracks developed in
the girder with a major crack running diagonally across the corner. On the west
side, many cracks developed toward the corner.

Embarcadero Freeway (I-480)

The Embarcadero Freeway (1-480) is a two-level elevated highway which provides
the Financial District with access to the San Francisco-Oakland Bay Bridge.
According to the as-built drawings supplied by Caltrans, the freeway was designed
according to the 1953 AASHO Specifications (AASHO, 1953). Figure 24 is an aerial
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view of the portion of I-480 north of Mission Street. The historic Fersy
Building is east of the freeway.

Figure 25 is a ground-level view locking north along the west side of the
freeway; Bent 76 is in the foreground. The vertical metal covers which can be
seen at the top girder-column joints protect restraining tendons which were added
during the earthquake upgrading in 1972. The observed damage occurred at the
lower girder-column joints In bents located north and south of Mission Street.

Figure 26 shows the configurations of the bents te the north and south of Mission
Street. As can be seen at the bottom of the aerial photogzraph in figure 24,
the Embarcadero Freeway undergoes a transition in width south of Mission Street,
and this is the reason for the different bent configurations. For the wide
portion of the freeway, the upper girder is post-tensioned and supported on
pinned joints. A detail similar to that used in the design of I-880 was used
for the pinned joints. Likewise, for bents with post-tensioned girders, column
segments were pinned at both ends on one of side of the bent. The predominant
damage was in the form diagonal cracking within the lower girder-column joint,
as indicated by the heavy lines in figure 26. This indicates that the weakness
of the Embarcadero Freeway is similar to that of the collapsed portion of I-
880. In no cases were the cracks as severe as those observed in the columns of
1-280.

Figure 27(a) is a close-up view of the damaged joint on the west side of Bent
78. Cracking was observed in the joints at both sides of the bent. Diagonal
cracks in the joint were in the opposite direction to those at other joints on
the west side of the bents. On the south face of the column in figure 27(a),
the cracking was more severe and some of the concrete cover had spalled. Figure
27(b) is a close-up view of the joint of Bent 79 on the east side. This was
the most severe damage observed on the east side of the freeway.

U.S. Highway 101

The northernmost portion of U.S. 10l (origimally named as the Central Viaduct)
was designed according to the 1953 AASHO Specifications (AASHO, 1953). This was
the last sectlon of the highway to be built and extends from South Van Ness
Avenue to Turk Street. At the southern end, U.S 101 is a divided, elevated
highway. It undergoes a transition to a two-level elevated highway as its
directieon changes from east-west to north-south. At the sou*~hern end near Van
Ness Avenue, the concrete roadway is supported by a steel frame. From north
of Mission street, the roadway is supported by concrete structures.

Oune block south of Hayes Street, the highway becomes two lanes in each direction.
At Bent 40, the roadway widens to accommodate additional lanes in the future.
Damage was observed In the widened, elevated section at Bents 42 and 43, which
are located north of Hayes Street. These are shown in figure 28, a view of the
east side of the highway. Figure 29 is a schematic of the configuration of Bent
43 where serious damage was observed. The configuration of Bent 42 is similar
to Bent 43 except that the bent is skewed te the divection of the roadway. The
design was similar to the other elevated highways built in the mid 50's. The
post-tensioned girders are supported on columns with pinned connections.
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Figure 30(a) is close-up view of the east-side column of Bent 42. A series of
diagonal cracks occurred at the middle of the column, and finer cracks developed
at the top of the column inclined in the opposite direction. The more serious
damage was observed at Bent 43. As shown in figure 30(b), extensive diagonal
cracking developed just ahove the roadway.
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Figure 1 General location of bridge and viaduct in the San Francisco bsy srea
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Figure 8 Collapse of Type 1 bents

Figure ¢ View of the upper deck of Cypress Structure.
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Figure 11 A close-up view of failure of Type 2 bents
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Figure 12 Location of damage to elevated highway structures

in San Francisco
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Figure 13 Aerial vy of T1-28q Sourh of Army Stroer
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Figure 23 Damapge to pirder supporring exit ramp:
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SAN FRANCISCO DOUBLE-DECKERS -
OBSERVED DAMAGE AND A POSSIBLE RETROFIT SOLUTION

M.J. Nigel Priestiey (I)
Frieder Seible (I)
Presenting Authorr M.JN. Priestley

INTRODUCTION

San Francisco is unique in the seismically active regions of the U.S.A. in its extensive use of
double-decker freeway viaducts. As weil as the 1-880 Cypress Viaduct on the Oakdand side of San
Francisco Bay, where collapse has becn well documented, there are several double-deckers of
considerable length on the San Francisco side of the bay, These include the Embarcadere Viaduct
(1-480), China Basin/Southern Freeway Viaduct (1-280), Terminal Separation (1-80/480), Central
Viaduct (Highway 101), and the Alemany Interchange (I-280/Hwy. 101). Typically the structures are
long (up 10 50 spans) with complex geometry including many on and off ramps, changes from
single-deck to double-deck, and in cases triple-deck, significant horizontal curvature, and variable
foundation conditions. Superstructures are generally supponed by cap beams and rectangular
columns. In many cases the columns are outside the width of the superstructures, and on occasions
geometry associated with ramps or separations results in cap beam outriggers of considerable length
and flcxibility.

Ramps are ofien supportcd on single-column bents formed of rectangular section, with
transverse scction dimension substantially greater than longitudinal dimension. The column base
dciail features a connection to the footing intended to act as a hinge longitudinally, but to be moment
resisting transversely.

Rather than attempt a ‘broad-brush’ overview of observed damage and possible repair and
retrofit strategies, this paper will concentraie on the characteristics of typical double-decker portions
of the viaduct, which represent some 75% of the struciures. This should not be taken 10 indicate that
major problems are nol apparent elscwhere. One area of particular concemn is the strength and
ductility of knee joints resulting from connections between columns and long outriggers. Some
aspects of the transverse response of these regions have been considered in a companion paper o this
workshop [Ref.1]. Joint shear strength is gencrally inadequate, and flexural and shear capacity of the
cap beam are also suspect. A prime reason for this is the aliocation of flexural strength on the basis of
a low estimate of lateral seismic force inherent in the elastic design philosophy current in the 1950's
and 1960's, with the result that longitudinal rcinforcement is often prematurely terminated causing
unexpected sections to become critical under seismic response.

A further concern with these outriggers is the torsional capacity under longitudinal response.
Typically the torsional strength is considerably lower than that required o develop the moment
capacity at the top of the column. Torsional hinging of the cap beam can thus be expected with great
loss of stiffness, and perhaps with a 1oss of capacity 1o suppornt gravity loads.

OBSERVED DEFICIENCIES IN THE REGULAR DOUBLE-DECKERS
S 1 Descrinti
Figure 1 describes the typical structure considered in this paper. The double-deck
superstructure is comprised of & multi-cell reinforced concrete box girder, typically about 4'-6" 1o

5-6" deep. Bents support the superstructure at spans that vary, but are typically in the 70-100 fi span
range. Superstructure width also varies, typically within the range of 40-70 ft.

(1) Professor of Structural Engineering, University of Califomia, San Diego, USA
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The superstructure fraines into a cap beam which is decper than the superstructure, with seclion
dimensions about 4 ft wide by 810 9 ft deep. The lower cap beam has a momeni-resisting connection
to the outer columns, which may be parly under the superstructure, or wholly outside it. For wide
superstructures, there may be a third (central) column supporting the lower deck, where local
geometric constrains permit. The lower cap beam is reinforced with mild steel reinforcement. The
upper cap beam has to span the entire superstructure width, and for this reason is prestressed when
supenstructure width is high,

Columns are of rectangular section, typically about 6 ft x 4 ft in section for the lower column,
often reducing to about 4 ft x 4 fi for the section between the lower and upper decks. Longitudinal
reinforcement is generally #18 bars with reinforcement ratios that are frequently 4-5%, and on
occasions as high as 8% Transverse reinforcement is inevitably #4 peripheral ties at 12 in. centers,
though oceasionally one central cross link is provided a the center of the long side.

The columns are pinned 1o foundation pads supponted by piles. The intent of this detail is 10
reduce the moments required to be supported by the foundation structure. The pin detail is achieved
by reducing the effective section at the base by a ring of flexible material and termination of the
longitudinal column reinforcement at the base. Shear transfer at the base is assisted by a small
number (typically four #10 bars) of centrally located reinforcing bar dowels. As noted earlier, the
lower cap beam is designed with a moment-resisting connection to the lower column. Ag
subsequently noted. this connection is generally inadequate. No special joint shear-reinforcement is
provided.

Where the columns frame into the upper cap beam, again a pinncd connccrion, similar to that at
the column base, is oftcn adopted. This is always the case where the upper cap beam is prestressed,
in an attempt 1o minimize column moments induced by creep and shrinkage. For the same reason, a
hinge is placed in one of the two upper columns adjacent to the lower cap beam, as indicated in
Fig. 1. Shoner cap beams are generally conventionally reinforced, with momcent-resisting
connections at the top of the columns. Complete reinforcement details are provided in [Ref.1].

Transverse Response

Transverse response requires a load path from superstructure inertia force into the cap beam by
cssentially diaphragm action. Bending moments and shear forces are then induced in the cap beain
and column. The expected level of base shear necessary to assure elastic response under the design
Icvel of excitation is approximatcly 1.0 g to 1.25 g. No parts of the transverse load path are strong
enough to support that level of response, and it remains 10 determine which are the most critical
¢lements.

(i) Columns

It is natural 1o look first at the columns. Flexural strength may correspond 10 force-reduction
factors, related to the elastic response level, of R = 2 10 5. Expected ductility demand may be higher
than this because of the potential for developing a soft-story sway mode. Although these levels of
ductility can be sustained by well detailed columns, the * ery low transverse reinforcement ratio
(typically ps < 0.0015) means that no effective confinement can be achieved, and ductility will be
limited to that of an unconfined section. A censervative limit of p = 1.5 has been used in asscssing
the ductility capacity of these columns, though test results indicate that u 2 2 should be achicvable.

Shear capacity of the columns is even more suspect. We may assume the shear capacity of the
columns to be comprised of additive concrete and steel truss components given by

Ayf
Vi=Vc+ Vy=xbd+ 4%”1 M)

where v is the nominal shear strength of the concrete shear resisting mechanisms, b and d are the
column width and cffective depth, and Ay is the arca of shear reinforcement, of yield strength fy at
vertical spacing s.
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Recent tests described in a companion paper [Ref.2) indicate that ve may be conservatively
taken as 3.0NT (psi). Using this figure, and assuming f 'c = SO00 psi, the shear strength of 2 6 ft x
4 ft column reinforced with two #4 legs at 12 in. centers could be Vi = V¢ + Vg = 600 + 80 = 680
kips. This is generally less than the shear corresponding to development of flexural strength,
indicating that shear failure may be expected. It should also be noted that if the shear sirength as
calculaied above exceeds flexural strength, shear failure may still develop. since the value of V¢ will
decrease as the duclility increases.

The prevalence of shear failures, or incipient shear failure in many columns during the Loma
Pricta earthquake support these calculations.

Where one upper column is pinned to the lower cap beam, as shown in Fig. 1, for example, all
lateral resistance may be provided by the moment capacity at the base of the opposite column.
Typically, ductility capacities of 6 10 9 would be required under the design level earthquake, and no
redundancies exist in the load-path from upper deck inertial response down 1o the lower level
columns.

When cap beams are fixed o columns above and below, moment equilibrium at the joint
requires the cap beam to support higher moment than the columns, as shown in Fig. 2. However,
inspection of the reinforcement details in the cap beam at the column face invariably incicate that the
flexural reinforcement, again typically #18 bars, provided i the cap beam will result \n 2 moment
capacity much lower than for the lower column. As shown in [Ref.1], top reizfor-zment may be
adequatcly anchored by a 90° bend toward the outer edge of the joint region, but bottom
rcinforcement is only anchored by a short (3-5 ft) straight extension into the joint. The bottom
reinforcement is particularly iadequate in both reinforcement area, and anchorage length, and the
position moment capacity may correspond (o clastic force reduction faclors as high as R = 12 or
more. Top reinforcement provides a negative moment capacity that corresponds to R values in the
range 6-10. Since the cap beams are not detailed for flexural capacity, it is clear that their capacity
will be suspect. Bond failure of the bottom reinforcement, with a possible reduction of shear capacity
at the critical column face. is expected at an early stage of response. Again this is supported by
observed damage in scveral of the San Francisco viaducts.

i) Col beam joi

It is now well established that joint shear strength inadequacies contributed to failure of the
Cypress Viaduct. High vertical and horizontal shear forces are induced in the joint region if adjoining
mcmbers have sufficient integrily to develop their flexural strength. Because of a lack of
understanding of joint-shear mechanisms when the viaducts were designed, they have virtually no
shear reinforcement 10 assist in supporting these joint shears.

Thus it is secn that all elements of the transverse 10ad-resisting mechanism are substandard. In
addition, shear connection at the top or bottom column pin joints are suspect under uplift seismic
reactions, and in some cases the lateral capacity of the piles supporting the fastings may be inadequate
10 supponrt the column shear forces.

Longitudinal R

The longitudinal response of a multi-bent section of double -decker frecway is somewhat more
complex than the transverse response. The mechanism for transfer of superstructure incrtia force to
the ground involves longitudinal bending of the superstructure deck girders, torsional bending of the
cap beam, and flexural and shear action in the column.

Again the cciumn capacity, though too low for elastic response, is generally higher than that of

other elements and mechanisms on the 1oad path. The superstructure longitudinal moment capacity is
typically less than the columns, particularly on the positive -moment side of the cap beam, where only
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nominal reinforcement is carried from the soffit slab into the cap heam. Consequently, extensive

positive -moment cracking can be expected soon afier the dead-ioad negative moment has been
cquilibrated by the seismic moment.

It will be apprecialed that, with the longitudinal deck girders developing moments of opposite
sign on opposite sides of the cap beam. the rotational flexibility of the cap beam may be such that
only comparatively small moments can develop in the girders, particularly those most distant from the
columns. If the superstructuie girders are capable of developing adequate moments, and the cap
beam is st ff enough torsionally (o resist them, then the weak link on the load path would appear to be
the torsional capacity of the cap beam, which does not contain reinforcement specifically designed for
torsion.

Weaknesses in the cap-beam/column joint region, and the column itself, arc similar to those
penaining for transverse response.

It is generally considered unacceptable to allow plastic hinges to form in superstructure girders.
In order to investigate the propensity for superstructure hinging, and the ability of the cap beam 10
transmit superstructure forces by torsion, a serics of analyses of a superstructure/cap beam/column
superassemblage, as illustrated in Fig. 3, were carried out.

Two models were used, each representing a typical cap beam, and that portion of superstructure
for one half span on either side of the cap beam. The first model, based on a grillage analogy, is
shown in Fig. 3a. Each deck girder, including tributary deck and soffit slab areas. was modeled
longitudinally by grillage members, representing flexural and torsional stiffness of the deck.
Transverse linking members represented transverse stiffness characteristics of the superstructure. A
single member running transversely represented the cap beam. A more sophisticated three-
dimensional finite element simulation [Ref.3), shown in Fig. 3b, was used tc verify the simpler
grillage analogy, which was used for the majority of analyses.

Each model was supported vertically at each girder locations at the midspan, as shown in
Fig. 3. and the cap beam was supponed at each end. Loading was provided by a torque of arbitrary
value 10,000 kip ft applied at each end of the cap beam, simulating moments induced by longitudinal
bending of the columns, which were not directly modeled in the analysis. The purposc of the
analyses was o investigaie the distribution of cap beam torque and longitudinal girder moments that
would exist in conjunction with the cap beam end torques.

The two modcls gave essentially identical results, for a test case, verifying the validity of the
grillage analogy. Figure 4 shows results for the transverse distribution of girder moments and cap
beam torques resulting from the two analyses (grillage = CALSD; 3DFE = NOBOX) based on
uncracked gross-section stiffnesses, and also for a second case wher the cap beam torsional stiffness
was reduced 10 20% of gross stiffness 1o model the effect of expected torsional cracking of the cap
beam.

Figure 4 confirms the similarity of results between the 3DFGE and grillage analogy. The girder
moments (Fig. 4a) are shown in bar-chant form, with each bar representing the moment in a
longitudinal girder on gpe side of the cap beam. The girder on the same line on the other side of the
cap beam has an identical seismic moment. It will be seen that the outer girder moments are a
maximum, with the central girders resisting very liitle moment, because of the torsionid flexibility of
the cap beam. This is panicularly apparent for the case where the cap beam is cracked, where the
outer girders G-1 and G-7 each have longitudinal moments of 3800 kip fi, indicating that 76% of the
end cap beam lorgue is induced by bending of the outer girders. Figure 4b, showing cap beam torque
with distance form the cap beam (diaphragm) center line, presents the same information in different
form.

As a consequence of cap-beam flexibility, damage 10 outer superstructure girders can be
expected at an early stage of longitudinal response. If these girders are capable of ductile plastic
hinging, adjacent girders would stant to develop higher moments, invelving higher cap beam torques.
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However, cap beam torsional capacity is typically less than 20% of that corresponding to a system
ductility of about p = 4. Funher, torsional hinging is not an acceptable means of dissipating seismic
energy. since afier torsional cracks develop, the available strength provided by existing reinforcement
is less than the cracking torque. and the shape of torsional hysteresis 1oops is extremely poor.

A RETROFIT STRATEGY

The arguments presented above indicate widespread areas for potentially unsatisfactory
performance during scismic attack. Initial attempts to find retrofit solutions concentrated around
increasing the ductility capacity and shear strength of columns under transverse response, typically by
a variety of different methods of steel jacketing. As well as the oval-jacket retrofit, which has proved
to be very effective in tests and is discussed in a companion paper [Ref.2), retrofits using various
methods of stiffened rectangular jackets were proposcd. Tests at the University of Califomnia,
San Diego found these to be largely ineffective.

It was soon realized that these early retrofit solutions did not address most of the critical areas,
such as inadequacy of cap beam flexural strength and column/cap beam shear strength under
transverse response, and inadequacy of cap beam torsional strength, longitudinal girder flexural
strength, and joint capacity under longitudinal response.

Current retrofit solutions for the regular double -decker portions of the viadu :ts are based on
variations of the scheme summarized in Figs. 5 and 6.

Transverse Retrofi

To improve transverse response, the existing columns and joint connections to the lower cap
beam will be removed and replaced by ductile circular columns or rectangular columns with
intersecting spirals for confinement designed for high ductility capacity. The end region of the cap
beam will be strengthened by adding additional width to the lower region, with significant amounts of
longitudinal reinforcement to bring the positive moment capacity up to the existing negalive moment
capacity. Additional moment capacity is provided by cap beam prestressing anchored beyond the
column. This increases the moment capacity to the level where ¢ither cap beam ductility
requirements are reduced to an acceptably low level (about i = 3), or, preferably, hinging is forced
into the ductile columns. It was found to be necessary to remove the existing columns and joints
because of difficulties in assuring satisfactory joint shear performance with existing details. No
convincing retrofit strategy could be developed for the joints without total replacement. This was
partly the resull of uncertainties associated with methods of splicing lower and upper column
longitudinal reinforcement within the joint.

The longitudinal prestressing in the cap beam provides a secondary function of helping to resist
cap beamn vertical shear force at the column interface, in the event that high ductilitics are required of
the cap beam.

A variution of this transverse retrofit strategy would usc an all-mild steel solution rather than
the partially prestressed method described above. In this case, the cap beam must be widened and
strengthened over the whole width, With the parnial prestress solution, strengthening of the cap beam
is typically only required over the end 10 ft. Over the rest of the span, the cap beam prestressing is
extemnal to the beam, running in a grouted galvanized duct for cormosion protection, and thus
enhancing the strength as with an unbonded intemal tendon.

Longimudizal Retrofi

In the longitudinal direction, the main concem is 10 reduce the level of cap beam torsion and
longitudinal deck girder moment. To this end, new 'supergirders’ will be placed between existing
columns in the longitudinal dircction, as shown in Fig. 6. Thesc may be precast and lified into
position, or constructed in situ. The design requirement for the supergirders is that their flexural
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strength exceed that of the new columns by a sufficient margin to ensure that plastic hinges will form
in the columns. As a consequence, the lorsional rolations required of the cap beam will be small,
since all inelastic rotation occurs above or below the cap beam.

Although the supergirders have lower stiffness than the existing superstructure girders, their
location in the same longitudinal plane as the columns makes them effectively stiffer than the existing
deck girders which are connected to the columns through the torsionally flexible cap beam.

Te confirm this assumption, additional grillage analyses were carried out using the model
described in Fig. 3, with 'ixe addition of longitudinal supergirders outside deck girders G-1 and G-7.
Results are shown in Figs. 7 and 8 for the analyses based on uncracked and cracked cap-beam
torsional stiffness, respectively. In Figs 7a and 8a, R-1 and R-2 refer to the supergirders. It will be
secn that the deck girder moments and cap beam torques are substantially reduced by the inclusion of
the supergirders. In the worst cast, based on uncracked cap beam properties (Fig. 7). the supergirders
take 72% of the column moment, with the edge deck girder moment reducing to about 7% of column
moment. Cap beam torque is reduced to 28% of the valuc without the superginders.

Figure 8, based on cap-becam cracked-section properties, shows even more dramatic
improvement, with the supergirders supporting 88% of the column moment, the edge deck girders
moment dropping 10 5% of column moment, and cap beam torque reducing to 12% of the value
without the supergirders. Actual response is likely to be intermediate between these figures, since the
levels of torque predicted in Fig. 7 are still sufficient to induce torsional cracking.

It should be noted that with the adopted philosophy of weak column/strong supergirder for
longitudinal response, the torsivnal moment induced in the cap beam depends on the true cap beam
stiffness, but the torsional rotation is almost independent of the cap beam stiffness, since the joint
rotation is effectively dictated by the supergirders. As a consequence, any uncertainty about the
strength and stiffness of superstructure and cap-beam become largely imrelevant to the longitudinal
seismic performance,

Again, variations in the supergirder concept are being considered for different viaducts. In situ
versus precast concepls are being considered, and the relative merits of completely isolating the
supergirder from the deck girder, or joining by & deck slab extension are stil! under discussion.

Proof Testing of Retrofit Schemes

In order to verify the concepts described above for bringing the potential seismic performance
of the San Francisco double-deckers up to that expected for new bridges, plans are being finalized for
testing two large-scale models; onc at U.C. San Diego and onc at U.C. Berkeley. The structures, built
to approximately half scale, will represent a two-level column and lower cap beam and half a span of
lower deck superstructure on ¢ither side of the cap beam. Only that portion of superstructure from the
column to the center of the cap beam will be modeled. Figure 9 shows a schematic of one of the
models with the intended loading system which will ensure accurate representation of both
longitudinal and transverse response. It is intended that the models will be tested under longitudinal,
transverse, and simultaneous longitudinal and transverse response.

Two different schemes will be investigated. One will have a partial prestress design for the cap
beam retrofit; the other will have an in situ supergirder connecied 10 the existing superstructure. One
will represent an end connection between a supergirder and column; the other will represent an
interior connection, with supergirders on cither side of the column,

Construction of the models is expected to start early in 1991, with completion planned for
July 1991.
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DISCUSSION AND CONCLUSIONS

Design of the retrofit strategies for the San Francisce double-decker viaducts has proved 1o be 2
complex 1ask involving many iterations before acceptable solutions have been developed.

Although the need for improving strength and ductility under transverse response is obvious,
and the solutions adopted are comparatively straightforward, it is the longitudinal response that has
proven to be most difficult o improve. Despite the conclusions from calculations which indicate that
the viaducts are much weaker longitudinally than transversely, there was no ¢vidence of damage
resulting from longitudinal response of the viaducts to the Loma Prieta earthquak ., except for minor
pounding damage at movement joints.

It appears possible that this lack of damage is the result of the length of the viaducts, and the
difficulty in developing longitudinal resonant response. During an earthquake, structures of the
length of these viaducts (up to 2 km in length) will be subject 10 non-cohesive excitation at the
individual foundations. The presence of movement joints and supersiructure flexibility will allow
scgments ¢f the viaducts 1o move relative 1o cach other and stiil develop resonant response. The
longitudinal stiffness of the superstructure will prevent this occurnng in the longitudinal direction.

Tull tongitudinal resonant response could only develep with a perfectly straight bridge on
perfcetly uniform ground conditions subjected 10 a perfect shear wave excitation traveling exactly
perpendicular 1o the axis of the bridge. This is of course impossible, and sections of the ground at one
pan of the viaduct will be moving out of phase with other parts. Since the seismic wave length is
expecled to be of the order of 5 Lo 10 spans. this out of phase response could develop over
comparatively shont distances along the bridge. The resultant attempt of different sections of the
bridge to respond in differcnt directions can be expected 10 cause an interaction reducing scismic
response in the longitudinal direction. If such a hypothesis is valid, it could be argued that
longitudinal strength is unimportant, and it would be sufficient to retrofit the bridges longitudinally to
sustain the relative out-of-phase motion of adjacent segments, or frames of superstructure separated
by movement joints. In such a retrofit strategy. increased importance is placed on the restrainers
connecting adjacent frames across movement joints.

Because of uncertaintics and lack of relevant research on this phenomenon of non-cohesive
response, it has not been adopted for the retrofit solution to the San Francisco double-deckers, and the
more conventional solution described in detail above has been adopted.
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SUMMARY

The Loma Prieta earthquake of Cctober 17, 1990 damaged several reinforced
concrete double deck freeway structures in the San Francisco Bay Area. The most severe
damage occurred in Oakland, whera a 3/4 mile long portion of the Cypress Streat viaduct
on interstate Route BBO collapsed. Following the earthquake, a series of field experiments
were carried out on an undamaged portion of this viaduct. Resuhs of low amplitude forced
vibration tests and of destructive, static lateral load tests are reported in this paper. Tests
were performed on the test structure in its original configuration as well as after the
instaliation of one of three different retrofits. implications of these tests to the evaluation
and retrofit of other freeway structures is discussad.

INTRODUCTION

The Cypress Street viaduct was a double deck portion of Interstate 880 located in
the western pant of Oakiand, California. During the October 17, 1989 Loma Prieta
earthquake the upper deck of the viaduct suddenly collapsed onto the lower deck (Fig. 1)
over about half of the viaduct's 1.5 mile length, resulting in 41 fatalities and scores of
injuries. The urgent need to repair and reopen six other damaged double deck structures
in the Bay Area led 10 the development of a field study on the capabilitios of various retrofit
techniques. A 170- ft. long segment of the Cypress Street viaduct, virtually undamaged by
the earthquake, served as the platform for these studies. The objectives of the field test
program were to identify the primary structural deficiencies that led to the viaduct's collapse
and to evaluate the efficacy of several retrofit tachniques being considered for application
to the other damaged viaducts. The results of these tesis and of subsequent analyses are
summarized in this paper. Additional information may be found in Refs. 1 and 2.

DESCRIPTION OF TEST STRUCTURE

The Cypress Street viaduct wes designed in accordance with 1953 AASHTO
specifications, and construction was compieted in 1957. The roadway structure consisted
of multi-cell reinforced concrete box girders supported on either rainforced concrete or
combined reinforced/prestressed concrete bents. Figure 2 illustrates the most common box
girder cross section and supporting bent elevation. The typical box girder had a width of
52 feet and a span ol approximately 70 feet. Deck expansion joints (previously retrofit with
cable restrainers) were provided typically every third span.

The typical bemt shown in Fig. 2 consisted of reinforcad concrete bent caps framing
rigidly into reinforced concrete columns. The upper columns were connected at their base
to the lower bent cap through 27 in. tall pedestais. Hinged joints wera provided between
the pedestals and upper level columns. The columns in the lower level were also connacted
through hinged joims to reinforced concrete pile caps and piles. Bems of different
configuration also were used along the length of the viaduct, primarily at locations where

(0) Profs. of Civil Engineering, University of California, Berkeley.
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ramps entered and exited the freeway, and where thie upper and lower decks merged and
diverged at either end of the viaduct length. A compieta dascription of the viaduct geometry
is presented elsewhere [3].

Concrete in the structure was specified t0 be normal weight with a design working
stress of 1250 psi. Mild reinforcement was specified to be Grade 40. Tests of materials
indicated an average concrete compressive strength of 6275 psi and a reinforcement yield
strength of 43 ksi.

During the earthquake a 3/4-mile length of the upper deck of the Cypress Street
viaduct collapsed onto the lower deck. The collapse extended from the northern end of the
viaduct 1o 26th Street, at which location two bents and one deck span remained standing,
and from there south to 18th Street. South of 18th Street, the viaduct sustained visible
damage ranging from none {no apparem cracking} to severe (joint cracking indicative of
incipient joint failure and possible collapse ). Based on damage cbservations, it appears
that the collapse was triggered by failure of the reinforced concrete section that includes the
lower beam-column juint and the upper column pedestal just above the joint.

A portion of the undamaged viaduct between 13th Strest and 14th Street (L.e. Bents
45 through 47) was selected for testing. All of the bents within the test structure had the
same geometry and detailing as illustrated in Fig. 2. The test structure included the three
bents plus the upper and lower decks spanning between and cantiievering beyond the
bents (Fig. 3).

TEST PROGRAM

The test structure was subjected 10 a series of tests. These included forced vibration
tests and static lateral load tests. Because of the nature of the observed failures and
because longitudinal bracing was initially planned to be part of the retrofit scheme, tests
focused on the transverse response of the bents. For the dynamic tests, two vibration
generators were fixed to the upper dack. The maximum dynamic force developed in the
structure by the generators during the dynamic tests was approximately 150 kips.

For the static tests, steel reaction frames were positioned along both sides of each
bent {Fig. 4). The A-shaped frames were clamped to the lower columns near the pile cap,
extended up through openings made in the lower deck, and supported pairs of hydraulic
actuators that applied load to steel blocks attached to the underside of the upper deck. The
loading system was capable of applying in excess of 4 million pounds to upper level of the
structure. The total weight of the structure was about 5,700 kips.

Dynamic and static tests were performed on the test structure in its original
configuration and after retrofits had besn installed. Preparation for testing began in
mid-November and the site was vacatad by the end of December 1989.

Retrofit Systems

Given time constraints, t was necessary 1o select simple retrofit devices and
systems. These were intended to represent the concept, rather than the detail, of systems
that might be adopted for field implementation. Only *semi-permanent’ type retrofits were
considerec. Furthermore, the time available for testing preciuded consideration of schemes
utilizing reinforced concrete. A differant retroft scheme was selocted for each bent. It was
not possible in the time available to completely evaluate the structure and engineer all of
the details for the selected systems, so standard practices were often followed and
emphasis was placed on the region near the base of the pedestals.



Details of the retrcfits are sinown . | Figs. 5-7. Several common features were
incorporated. For example, each bent cap was externally post-tensioned to help confine
and strengthen the joints and to improve continuity of the bent cap longitudinal
reinforcement. The joints were essentially devoid of transverse reinforcement and the
anchorage length provided for the bottom cap reinforcement was about 18 bar diameters.
The nominal prestress added to the bent caps was about 130 psi. In addition, external
shear reinforcement was added to all of the columns. On Bent 46, the post-tensioning rods
used for this reinforcement were left initially oose so that the shear capacity of the columns
could be determined. Once shear cracks developed, the rods were tightened and testing
continued. Spegcific details of the retrofits for each bent foliow:

Bent 45. -- Bent 45 was retrofit with four steel wide flange sections clamped to the outer and
inner faces of the columns (Fig. 5). On the east side of the structure, the outer wide flangs
sections were continuous over their full height. On the west side, the outer wide flange
sections extended over the full height of the structure, but they were discontinuous at the
elevation of the bottom of the upper bent cap. The wide flange sections on the inside faces
of the east and west side columns were discontinuous at the bottoms of the bent caps and
at the top of the pedestal in the upper level {i.e., at the column hinge). The inside face of
the column pedesial was reinforced using a 1-1/4 in. thick steel plate. The wide flange
sections and stee! plates were held in place using steel rectangular tubes and
post-tensioning rods. It was impracticable to use sufficient post-tension rods to ensure fully
composite action; a smalier number was selected on tha basis of uimate load transfer.

Bent 46. -- Four 1-3/8 inch threaded post-tensioning rods were grouted in 2-inch diameter
holes cored through the joint (Fig. 6). The holes extended from the outer face of the
pedestal (just above its base) toward the bent cap, at a downward angle of 30 degrees.
The rods were installed unstressed.

Bent 47. -- A steel coilar was clamped around the pedestal and lower portion of the upper
tevel column (Figs. 2.16 and 2.19). The ccllar was fabricated from 2-1/2 inch thick steel
plates. Two steel flanges, 1 - in. thick, extended downward from the collar onto the sides
of the lower joint. These side plates were clamped to the joint using longitudinally-oriented,
post- tensioning rods. In addition, one-half inch thick steel plates extended over tiwe full
height of the inner and outer faces of the columns in much the same way as did the wide
ftange sections on Bent 45. The plates were held in place using steel rectangular tubes and
external post-tensioning rods.

Instrumentation

Instrumentation for the forced vibration tests consisted of accelerometers and
seismometers. For the static tests, more than 110 channels of instrumentation were
installed. These included load cells to measure applied loads and forces in selected post-
tensioning rods. Displacement transducers were employed to measure global and local
delormations. Strain gages were attached to some reinforcement in the existing structure
as well as to the steel retrofits. A microcomputer based data acquisition system was used
to record the dynamic and static test results.

CRIGINAL STRUCTURE

Dynamic Tests

The forced vibration tests of the original structure indicated first and second mode
translational periods {frequencies) of 0.42 sec. (2.4 Hz) and 0.14 sec.{7.0 Hz), respectively,
for the transverse direction. Damping was estimated in the first mode to be 2.3 percent of
critical. A linear elastic finite element computer model was developed. This modef
represented the structure as being firnd based, and gross section properties were
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considered in modeting of the bent caps and columns. The decks were represented by
shell elements. The computed pericds (frequencies) were 0.38 sec. (2.6 Hz) and 0.14 sec.
(7.0 Hz) for the first two transverse modes, indicating that the actual structure was not quite
as stiff as the analytical model. This would be expected as minor amounts of cracking
would likely exist in the actual structure. However, the predicted mode shapes differ
significantly from measured values. This discrepancy appears to be consistent with
movements of the foundations during the forced vibration tests. Since the analytical model
resembles the actual boundary conditions for the static tests, this aspect of the response
was not in :stigated turther.

Static Test Resuits

Three cycles of loading were applied towards the wes! (Fig. 8). The first cycle was
used to check the loadirg apparatus and instrumentation, and to measure the lateral
stiffness. As seen frc n Fig. 8, the predicted lateral stiffness, based on a fixed base, gross
section model, was about 3 % higher than measured. This is consistent with anticipated
effects of pre-existing crack.s in the structure.

During the second cycle cracks were observed to form near the base of the
pedestal on the west side of the structure. The crack pattern was similar to that observed
in the damaged portions of the viaduct following the Loma Prieta eanhquake. The cracks
extended from the inside face of the pedestal near its base and ran downward towards the
outside of the column roughly following the projection to the surface of the hooks anchoring
the top reinforcement in the lower bent cap (Fig. 1.5). These cracks formed at atotal load
ct about 1400 kips and at a displacement of 0.79 inches at the top deck (less than C.14 %
drift). The pedestals and joints were then clamped to prevent failure and loading was
increased to about 1800 kips without additional damage in the struclure.

It should be noted that the orientation of the c¢racks in the lower joint was
inconsistent with joint shear, but rather parallels the direction associated with column shear,
The computed shear capacities for the upper columns and especially for the pecestals are
only marginally larger than needed to develop a plastic mechanism in the upper level. The
capacity of the pedestal would likely be reduced due to the splitting action of the dowels
transterring shear across the pin. However, a more likely explanation is found in Fig. 2
where it can be noticed that the upper part of the joint, uniike the pedestal and column, had
no transverse reinforcement with which to resist shear. Thus, shear cracks in the pedestal
would naturally tend to extend down into the joint. Simpie design oriented, elastic (lower
bound) estimales of the load needed lo initiate inclined cracking in the joint come within 5%
of the measured vafue. A iimit analysis representing the bent following the formation of a
shear failure plane (inclined downward at a 45 degree slope) indicates that the base of the
pedestal would slide downward and outward under the influence of gravity loads alone.

Tests of Bent 46 during the retrofit test phase provide an indication of the actual
shear capacity of the columns. During these tests, the column shear reinforcement was in
place, but not attached. Column shear cracking occurred at a load on the bent estimated
tc be 900 kips. It is estimated that the nominal shear stress in the column at the time of

failure was at least 220 psi, or 3.3 sz Using current AC! recommendations for axially

loaded elements, one would conservatively praedict a capacity of 2.8 Jf_:, These shears
are almost 100% higher than needed to form a shear crack at the base of the pedestal.

The load needed to initiate a shear crack in the pedestal was about 1400 kips.
Since the upper level weighs around 3300 kips, the shear coefficient for the upper level is
about 1400/3300 = 0.42. |f lateral Ipads during dynamic response are assumed to be
distributed in a 2:1 (upper:lower deck) ratio, the effactive base shear coefficient associated
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with the shear failure would be about 0.32. While this value is low compared to today's
criteria, it is much larger than might be expected considering the original design employed
a working stress base shear coesfficient of 0.06.

Expected Response During the Loma Prieta Earthquake

Precise determination of the response of the viaduct during the Loma Prieta
earthquake requires consideration of many factors outside the scope of this investigation.
Factors such as traveling waves in the soll and the structure, the variability of the soil under
the structure, alignment variations, access ramps, expansion joints and so on would have
to be considered. However, a general idea of the structural vulnerability of the viaduct can
be obtained from a simple elastic dynamic analysis of the test structure in the transverse
direction. For these analyses the input motion consideraed was obtained during the Loma
Prieta earthquake at the Oakland Whart, about a mile west of the viaduct, Scil conditions
at this site are similar to those underlying the portion of the viaduct that collapsed.

Calculated upper level displacement and acceleration, base shear and input
acceleration are plotted in Fig. 9. The waveforms indicate that significant response lasted
about 14 seconds. The maximum displacement achieved was 1.29 inches (0.24% of the
total height), maximum bass shear was 3690 kips (56% of the total weight} and the
maximum shear in th upper ievel was about 2240 kips. These values exceed by about 60%
those needed to inftiate a shear failura in the lower joint. While efastic analyses are not valid
once the shear failure occurs, the dynamic response predicts at teast 9 excursions beyond
this level. Thus, the formation of this shear cracks would be very likely during the Loma
Prieta eanthquake, and as demonstrated previously, formation of these cracks is sufficient
to cause Urittle collapse of the viaduct.

RETROFIT STRUCTURE
Dynamic Tests

After the retrofits were installed the dynamic characteristics of the test structura were
mraasured again. The forced vibration tests indicate a stiffer structure with first and second
mode translational periods (frequencies) of 0.38 sec. (2.6 Hz) and 0.13 sec.(7.6 Hz),
respectively, for the transverse direction. Damping was increased 1o about 4.4 % of critical
in the first mode. The measured maode shape for the first mode is nearly triangular.

Static Tests Results

Static tests of the retrofitted struciure followed the schematic load and displacement
pattern shown in Fig. 10. The atypical load history involving several cycles in one direction
tollowed by several in the reversed direction was selected to facilitate completion of testing
within the allotted time.

The retrofits permitted the structure to sustain loads and deformations far in excess
of those developed by the original structure. The maximum displacement reached by the
test structure was nearly 10 inches (1.8 % overall drift) which was 12.5 times greater than
could be sustained by the original structure. It corresponds to an overall displacement
ductility of about 6. However, loading was stopped at this point because of the extensive
damage and it is unlikely that the structure could have undergone additional cycling at this

point.

The load-displacement relations developed by the structure were essentially linear
until a load of 3,000 kips was reached. The results indicate that the retrofits increased the
stiffness of the structure about 30 %. Because the change in measured periods would
correspond to about a 20% increase in period, and the deformed shapes measured by



static and dynamic means do not match, it is believad that foundation-structure interaction
may have had a significant effect on the response. In addition, t is noted that the
displacements gradually concentrated in the upper level, so that by the end of the 1est,
more than 90% of the applied lateral displacement developed in the upper level, resulting
in a drift index for the upper level of 3.3%.

The maximum load achieved was slightly in excess of 4000 kips (70% of the weight
of the structure). Assuming, as bafore, a 2 to 1 distribution of dynamic forces between the
upper and lower levels, the force sustained by the retrofit structure were equivalent to a
base shear coeflicient of 0.9. This is more than 2.8 times tha capacity of the original
structure.

Lower Joints. - Significant iocal damage developed throughout the structure. In spite cf the
retrofits, the lower joints all developed inclined cracks similar to those observed in the
damaged ponions of the viaduct during the Loma Prieta earthquake. These cracks initiated
early in the tests: at a total load of about 1800 kips (Cycle 2) for Bent 45 and 47. They
formed in Bent 45 during the static and dynamic tasting of tha original structure. These
cracks became more extensive and distinct as testing progressed, generally following the
contour of the hook at the end of the #18 top bars used to reinforce the lower cap. With
the exception of Bent 46, the inclined cracks in the lower joint only occurred with this
orientation.

The relatively flexible unbonded post-tensioning bars and wide flange sections
clamped to the columns in Bent 45 were unable to prevent these cracks from opening wide.
Because of the relative stiffnesses of the concrete skeleton and the steel retrofit, little load
was carried by the external joint reinforcement until the inclined cracks formed. At that
point, the crack opening was controlied by the elastic elongation of the strong, but flexible
(long) post-tensioning rods. Under cycling, damage accumulated in this joint, resulting is
substantial spalling and disintegration of the joint by the end of the test.

In contrast, the bonded posttensioning rods grouted in Bent 46, while not
preventing the formation of the inclined cracks, limited adjacen! crack widths to less than
0.1 inches. By the end of the test evidence of secondary distress was seen relative to
spaking of the concrete, lass of longitudinal bar anchorage at the base of the pedestal, and
joint shear. These aspects of the bahavior were not considered in the retrofit and practical
problems also exist related to coring holas in the heavily congested joints.

The steel collar placed around the critical region in Bent 47 prevented direct visual
observation of concrete cracking during the test. This retrofit emitted loud popping noises
starting in Cycle 2. Based on the computed behavior of this joint, it is believed tat the joint
cracked in Cycle 2 and the flanges clamped to the sides of the lower joint began to slip at
the same time. By the end of the test the collar rotated significantly with respect to the
lower joint. The concrete in the joint and pedestal was observed during demolition and
found to be highly cracked or pulverized.

Upper Joints. -- The upper joints were also observed to develop diagonal shear cracks at
an early stage { Bents 45 and 46: 2700 kips and a upper level drift of 0.47%, and Bent 47
: 1800 kips and a drift of 0.23%). Shear cracking in the joints occurred in an onthogonal
direction during load reversals, resulting in a distinct x-shaped cracking pattern. The upper
ioints all eventually began to disintegrate, with cracks as wide as 0.5 inches forming, and
the concrete bulging and spalling from the exposed faces of the joints. The upper west joint
in Bent 46 was instrumented to assess joint rotation. Figure 12 shows the force- rotation
relation. 1t can be noticed that the joint deformations are reiatively small until a load of 3350
kips is reached. It can be noted from Fig. 11 that this also corresponds to the 1oad at which
large inelastic deformations begin to develop in the structure as a whole. it appears that
a substantia} portion of the apparent ductility of the structure is associated with shearing
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deformations in the upper joints rather than with ductite yielding of the retrofitted portions
of the structure.

The maximum shear siress in the upper joint can be conservatively estimated from
the maximum tensile force that can be developed by the upper bent cap top reinforcement.
During the final stages of testing this steel yielded. Stain gage readings indicate that it
probably did not enter th strain hardening range. Thus, the iotal joint shear force is
estimated to be about 670 kips. This results in a nominal maximum joint shear stress equal
to 291 psi or 3.7«[f'—¢,'

Early in the tests the incremental loads in the cap post- tensioning rods varied
consistent with beam-bending theory {i.e. tension torces developed on one side while
compression increments developed on the other). However, as the joints began to severely
crack an disintegrate all of the rods were observed to carry significantly increased tension
forces. In some cases, computed rod forces exceeded their nominal yield capacities. For
example, Fig. 13 shows that the force in the top post-tension rod on the west side of Bert
46 initially develops tensile farces as the bent moves toward the west and compressive
forces as it moves toward the east. However, during later cycles, the incremental forces are
tensile for both directions of movement. Clearly, insufficient confinement and shear
reinforcement has been provided in the upper joint.

Bent Caps -- Bent caps developed fiexural cracks at their ends. At the top the cracks were
located in the narrow interface between the edge of the deck and the column. The deck
proved sufficient to suppress any significant extension of the plastic hinge into the deck.
Al the bottom the cracks divided and some inclined away from the column, consistent with
the shear present in the cap. Both top and bottom bars were observed to yield. In some
cases, strains of as much as 2% were recorded. Evidence, however, exists that during later
stages of testing the bond broke down between the concrete and some of the bottom cap
bars. The development length provided for these bars was only 18 bar diameters.

Columns. - Flexural cracking and yielding were noted in upper level columns just below
the upper bent caps. This yielding initiated during Cycle 9 for all bents. The cotumn bars
exhibited strains in excess of 1.8% in tension and compression during the later test cycles.

The columns in Bent 45 were not able to develop composite action. To develop the
full composite action along the column in the upper level would require development of a
iongitudinal frictional force between the concrete column and the steel wide flange sections
equal to about twice the tensile strength of the steel sections, 2370 kips. Assuming a
friction coefficient of 0.5 and a prestressing force of 95 kips per rod, a total of 25 levels of
prestressing rods would have been required to develop full composite action. This is more
than four times the amount actually provided. As a resuit of this, strain gages attached 10
the wide flange sections exhibit highly nonlinear relations starting very early in the response,
even though the maximum strain reached are far less than the yield strains (Fig. 15).
Another aspect of this design is that there is an incompatibility between the ideal deformed
shape of bent and of the steel wide flange sections. The transverse post-tensioning rods
were not able to provide sufficient clamping force 1o keep the steel and concrete in contact
{Fig. 16). Again, these rods had sufficient strength but not sufficient prestress or stiffness
to control the opening of gaps. Gaps as large as 1/2 inch were observed during the testing.
This resulted in a significant loss of confinement for both the upper and lower joints on Bert
45,

Built-in Pins. -- The built-in column hinges at the top of the upper level pedestals were
observed 1o rotate and siip, and splitting cracks started to develop at the tops of the
pedestals. Instrumantation an the pin indicatad that the vertical opening was as much as
0.65 inches This was most severe for Bent 45 in spite of the wide flange sections clamped
10 the adjacent pedestal and column. Horizontal slip nearly reached a half an inch.
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OBSERVATIONS

Tests on the Cypress Street viaduct have provided a considerable amount of information
on the behavior of existing and retrofit structures. Based on a review of the experimental
data, the following observations are oftered.

1.

Failure of the structure on October 17, 1989 can be explained in terms of simple
lateral response of the structure and the limited shear capacity of the short pedestal
supporting the upper column. Conventional engineering design calculations can
be used to identify the failure mode and 1o estimate the failure load to within 5%.

A gross-section computer idealization of the structure overestimates the stiffness
and frequency of the structure. It appears from discrepancies between results
based on forced vibration tests (which include toundation mation) and static tests
{which restrict base movement) that foundation fiexibility may also have a significant
influence on dynamic properties.

Observed reinforcement anchorage strengths and column shear capacities initialty
exceeded values commonly used in design. Whether this is a function of the
design details employed or simply associated with the wide scatter of the results
typically associated with these phenomenon remains the subject of future research.

External shear reinforcement is effective in enhancing shear capacity.

Unbonded reinforcement may be ineffective as a retrofitting tool in cenain
circumstances. The difficulty in developing sufficient prestress to maintain contact
or prevent relative sliding between existing concrete and new steel cladding was
evidenced several times in these tests. Once contact is lost, long unbonded
lengths resuft in large cracks, gaps or slips. lssues of deformability should be
considered along with strength in order to control and limit damage.

Joints in existing muittilevel and outrigger bents need to be carefully considered.
Ideally, they should be strengthened to avoid inelastic action within the joints.
Failure to do this may lead to rapid deterioration of structural integrity.

Evaluation and retrofit of existing bridge structuras should look at the structure as

a system. Rather than simply fixing 2 weak link, the hierarchy of possibie inelastic
actions should be identified. Otherwise, one weak link may imply replace another.
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ASSESSMENT AND RETROFIT RESEARCH FOR
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Presenting Author: Stephen A. Mahin

SUMMARY

.n  this paper a number of the factors that should be
considered in the evaluation and retrofit of multicolumn
reinforced concrete briduc bents are reviewed and illustrated
with specific examples. 1Issues range from predicting seismic
demand at the global and local 1levels, to assessing the
strength and deformation capacities of the members and joints,
and to establishing details capable of achieving the designers
objectives. At the end of the paper the scope of a research
program related evaluation and retrofit of multi-level, multi-
column bents is presented.

INTRODUCTION

Assessment of the seismic vulnerability of reinforced
concrete bridge structures is a problem that has not until
recently been considered by many designers. The assessment
process is different in many fundamental ways from that used in
the design of new structures. Generally, current codes, such as
those promulgated by AASHTO or JSCE, achieve ductile seisnmic
behavior in new structures by specifying minimum design forces
for determination of flexural ccpacities, establishing
auxiliary procedures for estimating maximum shears and axial
forces 1in a member or joint corresponding to development of a
desired flexural yield state, 1limiting reinforcement ratios,
bar spacings and member sizes, and requiring sufficient
confinement in potential critical regions to provide a large
reserve for energy dissipation. While a sound understanding of
the fundamentals of structural engineering and structural
dynamics are needed to accomplish an effective and economical
design, the freedom permitted in the design process makes
satisfaction of the various criteria relatively easy. On the
other hand, it becomes more difficult for a designer to assecs
the 1likely performance of a structure if some of the criteria

are not met. While some cases are easy to assess (e.g., too
little shear capacity to develop a plastic hinge at the ends),
others are not (e.g.., insufficient anchorage length, bar

spacing violations, and so on).

Thus, the designer must have good insight into the desired
performance of the structure, the likely behavior of the
various inadequate details discovered, the capabilities and
limitations of various analytical models and the techniques for

(I) Prof. of Civil Engineering, Univ. of calif., Berkeley, USA.
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upgrading the behavior of joints and members. While experi-
mental research 1is the keystone to developing this under-
standing, it is important that the designer understand the
various factors influencing seismic performance. It is unlikely
that the evaluation and retrofit of major bridge structures can
be reduced to the level of a menu of items simple tasks.

In this paper a few items, mainly related to analytical
and design issues, are raised and explored with examples. The
topic is, however, much broader than discussed here. Some
areas of on-going research are identifiad at the end of the
paper.

ACCURACY OF MODAL SUMMATION METHODS

In the U.S. it is common to develop an elastic model of a
structure and analyze that model considering a site dependent
response spectrum. If the analytical model is large or has a
complex geometry, numerous modes, often with closely spaced
natural fregquencies, will result. Toe achieve realistic
response estimates, many mcdes must be included in the
analy :is. For example, in the analysis of a model of the Inter-
state 101 Central Freeway in San Francisco, a double deck
structure being evaluated by consultants for retrofit purposes,
nearly 200 mcdes needed to be considered. Since each of the
individual modes in such cases have little physical signifi-
cance related to the structure’s response to a global seismic
load condition, it often becemes difficult to interpret numeri-
cal results.

This 1is in part true because of limitations regarding the
output capabilities of many computer program. For example, many
programs incorporate features to model rigid cap-column Jjoints
of finite size, but do not provide output of the forces acting
within the joint. Modal summation rules, such as the "square
roct of the sum of the squares" (SSRS) technique, provide
information only on the amplitude of internal forces, but not
their signs. Thus, it is (virtually) impossible to infer joint
shear from static considerations knowing the maximum shears and
moments applied to the edges of a joint. Joint shears and other
such quantities also have to be summed on a modal basis and not
using the summed maxima. In simple structures, governed by a
single, intuitively natural, mode of respcnse, appropriate
estimates may be made. However, if many modes are involved,
this is no longer possible.

Nonetheless, there remains a more fundamental problem of
how to numerically combine the individual modal response values
when modes are closely spaced. It has been shown in such cases
that sum of absolute values or SSRS techniques can lead to
grossly spurious results, both conservative and unconservative
[13. The Conmplete Quadratic cCombination (COC) ard cther
procedures have been developed to remedy these deficiencies.
Because of the relatively new development of such technigues,
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methods like the SRSS method continue toc be used. To provide
some light on the nature of this problem, a simple analysis of
a double deck viaduct segment has been performed using time
history, SRSS and CQC methods.

The structural model ic shown in Fig. 1. The geometry is
typical of San Francisco double deck structures. In many of
these structures pin connections are provided at the top of the
upper level columns and at the base of the lower level colunmns.
In order to produce more closely spaced and coupled modes, the
pins along one side of the top of the structure are assumed to
have been retrofit to a fixed condition. The model was
analyzed using the record and response spectrum for the north-
south component of the 1940 E1 Centro earthquake. This record
was applied to the model independently in the transverse (EW)
and longitudinal (NS) directions and simultaneously in both
directions (EW + 0.3NS). Viscous damping was considered to be
5% of critical. In order to have 95%{ of the mass of the
structure contribute to the base shear, 10 modes were
considered in the analysis.

Because of mass and stiffness eccentricities, mode shapes
are complex and not oriented along the principal axes of the
structure (Fig. 1). This results in forces and deformations
orthogonal to the direction of an applied excitation. However,
it 1is not possible, given the kinematics of structural
response, for response maxima for these coupled modes to occur
at the same time in orthogonal directions. Thus, summation
rules that combine the absolute or squared values of modal
responses in all directions are bound to be erroneocus. 0Only by
retaining the relative signs of the responses in orthogonal
directions for a particular mode can reasonable estimates be
made. The CQC method does this [1].

The effect uf this on the example structure can be seen in
Table 1. In this case, a relatively small base shear Iis
developed in the N5 direction when the input is in the EW
direction. The SRSS method predicts values nearly the same in
both directions. The largest errors for the SRSS method appear
to be in the direction perpendicular to the direction of
loading. The CQC method predicts response values in much better
agreement with the time history, though still with some error.

It is interesting to note that the SRSS method appears to
provide more reasonable results when bidirectional input is
cansidered. This is a result of compensating errors. The SRSS
method underestimates the response in the direction of loading
and overestimates it in the orthogonal direction. Thus, when
loads are applied in two directions, the errors compensate.
However, the degree of error may still be quite large depending
on the nature of the structure and lcading.
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Table 1 Comparison of Modal Combination Rules
(Percentage Errors given in parentheses)

Combination Input Orientation
Method EW NS (EW + 0.3NS)
EW Base Shear
(kips):
Time History 2684 784 2919
SRSS 2148 (~20) 1717(+119) 2363 ( -9)
cQe 2768 ( +3) 1028 (+31) 31076 ( +5)

EW Moment in
Elm. 36 (k-in):

Time History 40340 16290 45227
SRSS 37641 ( ~=7) 21708 (+33) 44154 ( -2)
cQe 38699 ( -4) 18524 (+14) 44256 ( -2)

PREDICTION OF DUCTILITY DEMANDS USING ELASTIC ANALYSIS

Typically elastic analyses are used to assess the
potential seismic behavior of structures. While this may have
some theoretical Jjustification for the case of single c¢olumn
structures, its applicability to multicolumn and multilevel
systems 1s questionable. Past research has demonstrated the
problems of estimating the internal distribution of damage for
structures with stiffness, strength and mass irreqularities. It
has also been shown that structures having soft stories (as
would multilevel viaducts with yielc .ng concentrated in the
columns) are likely to have much different response than ca be
predicted by elastic analysis. In addition, ductility demands
are generally unconservatively predicted for structures with
periods shorter than the characteristic periocd of the ground.

To assess this sitvation an example analysis has been
undertaken on a representative bent from the Terminal Separator
interchange in San Francisco. The example bent (Fig. 2) has a
single bay, but three levels. Roadway decks, however, are
provided only at the top and bottom levels. The intermediate
level 1is provided to enhance lateral stiffness and increase
stability.

A series of analyses were performed on this structure.
Gravity effects due to dead loads were considered in all
analyses. Flexural capacities of the members were estimated
from the structural drawings and specified materinal strengths.
Sheer failures and deformations in the members and the joints
were disregarded. Analyses were performed with a general
purpose nonlinear finite element program capable of static and
dynamic response analysis.

Results of the static elastic analysis are shown in Fig.
3 and Table 2. Lateral loading was distributed with height
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assuming a mode chape in the form of an inverted triangle.
Results were scaled to produce a maximum ratio of moment to
plastic moment (here defined as 17Mn) in the lower bent cap
equal to 4. At this stage the top of the structure displaces
laterally about 3.4 inches. The figure indicates that many
elements are overstressed at this stage, particularly the
second level cap. However, the results indicate the formation
of statically inadmissible joint mechanisms, at the upper right
hand joint and at both joints at the lowest level. Without the
aid of limit analysis, a designer would have difficulty inter-
preting these results.

A static nonlinear analysis of the same structure was
performed. The base shear-top deflection relation is shown in
Fig. 4. This shows that a plastic mechanism forms at a displa-
cement of about 2.5 inches. However, the first plastic hinge
forms (at the middle level) at a displacement of 0.31 inches
and significant nonlinearity is noted at a top deflection of
1.7 inches. For a displacement of 3.4 inches, corresponding to
the lateral displacement imposed for the elastic analysis, the
locations of the plastic hinges are shown in Fig. 5 and some of
the rotation ductility demands are listed in Table 2. These
demands are defined for simplicity as the maximum plastic hinge
rotation computed divided by MnL/6EI, plus one. There are
fewer plastic regions noted by this analysis, and the magnitude
and distribution of inelastic demands differ from that
indicated by the elastic analysis.

Table 2 - Comparison of Elastic Overstress and Plastic Hinge
Rotation Ductility For Bent Caps on Left Side of Three Level
Example Structure.

Model Middle Cap Bottom Cap
Max. Cum. Max. Cum.

Static Elastic

All gross section 3.99 4.00

Ig/4 for columns 1.90 1.46

Static Nonlinear 2.92 5.91
Dynami¢c Nonlinear

18%g 2.38 12.1 2.49 2.49
25%g 2.47 14.7 3.77 3.77
50%g 5.49 26.8 15.5 15.5

For the case of the nonlinear dynamic analyses, the Taft
earthquake record was considered scaled to three different
levels as indicated in Table 2. Locations of plastic hinges are
shown in Fig. &. The displacement time histories at the top
level are shown in Fig. 6. It can be noted frcm these data th:-
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the ductilities in the caps are smaller than predicted by the
elastic analysis considering gross section properties, but that
analysis better predicts the ratic of demands between the two
levels than does the modified elastic analysis. As the inten-
sity of the input increases, the magnitude of the plastic
rotations and lateral displacements increases. However, the
distribution of damage, as reflected in the ratic of plastic
rotation demands for the two levels presented in Table 2,
changes dramatically. A linear elastic analysis is not able to
detect such changes.

In addition, the maximum plastic rotation demands do not
indicate the complete picture regarding inelastic demands. For
example, a criteria based on energy dissipation or cumulative
inelastic deformation may be more meaningful in terms of retro-
fitting a structure to sustain repeated damage. Table 2
contains <cunulative plastic rotaticon ductility demands. These
are generally larger than the maximum values since the =2lements
may yield more than one time. For the example structure, the
middle level cap is weak and sustains many plastic excursions.
On tihe other hand, the lower level only undergoes a single
inelastic excursion. Again, elastic analysis cannot provide
this type of information.

It is clear that elastic analysis methods are powerful
tocls that can provide considerable information for the
evaluation and retrofit of bridges. However, their results
should not be used blindly, or with undue belief in their
accuracy. Analytical models that can be used for predicting the
nonlinear response of existing bridge structures are still
relatively primitive and thus may not provide accurate results.
In addition, there is no general agreement on the best method
for characterizing damage in the structure. An important impli-
cation of this 1is that differing definitions at different
stages of analysis and design can result in misinterpretations
and ineffective design soluticns.

SOME COMMENTS ON CONSISTENCY

One of the perennial problems in earthquake engineering
has been the difficulty in defining a single parameter repre-
sentative of structural damage. Ductility, defined as the
maximum displacement divided by the yield displacement, has
often been used as a juantitative term in thic regard. Ac
indicated previously, there are difficulties with this
definition if one wants to consider situations with cyclic
loading. In addition, for complex systems definition of maximum
and yield displacement may not be straight-forward. Similarly,
it is well recognized that values of ductility evaluated on the
basis of displacement will differ from those based on rotation,
curvature or strain.

Because of these various definitions, it is important to

maintain a consistency of definition from test data to analysis
to design. As an example of this problem consider the design of
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columns. Test results on the cyclic inelastic behavior of such
members are relatively sparse considering the wide variety of
conditions that can be encountered. The data available shows
that ductility improves with increased nominal axial stress.
Based on this observation, a designer wishing to improve the
behavior of a structure would use as small of cross section,
and as high of longitudinal steel percentage, as possible to
improve ductility.

This may not lead to anticipated results. For example, in
a study of more than 150 column tests and ceclumn failures in
bridges during previous earthquakes it was noted that while
ductility increases with axial stress, deformability decreases.
Thus, 1if one wishes to have a structure or member that is able
to dependably achieve a certain displacement amplitude, a smal-
ler axial stress should be used. The difference relates to the
fact that the yield displacement of columns significantly in-
creases with axial load, thereby decreasing yield displacement
and increasing the ductility. However, 1in analysis and design
such refinements are not usually taken into account (gross
stiffness properties are often used independent of axial load).
Thus, consistency and simplicity is needed in using terms such
as ductility in analysis and design.

FUTURE RESEARCH

A research program has just been initiated at the Univer-
sity of California at Berkeley related to multicolumn bents.
This research has three emphases. First, to develop consistent
criteria for the evaluation and retrofit of reinforced concrete
multicolumn bridge structures. Currently, methods for
evaluating columns and assessing inelastic demands on bents are
being studied.

The second area relates to improved global and local
finite element modeling of multicolumn viaduct structures.
Factors such as traveling wave effects, variations in soil
properties along the length of the viaduct and expansion joint
effects are to be studied. 1In addition, the work examines
refined methods for predicting local nonlinear behavior of
joints and other complex critical regions.

The third and main part of the research focuses on experi-
mental investigations of some of the special features of multi-
column bents. Six research areas are planed as shown in Fig. 7.
In many of these structures the decks are separated from the
columns. The resulting outrigger is subjected to a complex
state of stress. In addition, older caps generally are not
designed to carry significant torsion. Thus, one of the first
sets of =pecimens to be investigated will be outriggers.
Both as-built and retrofit specimens will be tested. Emphasis
will be placed on the torsional behavior of the outrigger, but
longitudinal, transverse and vertical motion of the bent will
be simulated in the tests.
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Another critical problem relates to the behavior of cap-
column connections. These joints in older bridges in the U.s.
typically have little or no shear reinforcement. Techniques for
assessing the strength and deformability of these joints is
needed. Similarly, specimens will be tested toc assess the
efficacy of strenjythening techniques.

In many older bridges relatively short anchorage lengths
have been provided for large diameter bars. A fundamental study
of single and multiple bars similar to existing and new con-
struction will performed.

The behavior of columns is critical to multiceolumn bents,
As such a series of tests will be performed on short columns
subjected to bidirectional excitations.

The move towards retrefit of the double deck freeway
structures in San Francisco by removal and replacement of
columns raises a number of other questions that will be
examined in the research project. In particular, the ability of
the proposed retrofits toc achieve the stated objectives, and
the need for special shear reinforcement in the beam column
joints will be investigated.
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PRIORITIZING BRIDGES FOR SEISMIC RETROFIT

J. H. Gates (I}
B. H. Maroney (I}

Presenting Author: J. H. Gates

SUMMARY

The procedure used by the California Department of Transportation's
Seismic Retrofit Program to identify and prioritize the most vulnerable
bridges to earthauake damage is presented. A risk analysis is developed in
which axpert judgements are used to replace a typically large statistical
database. The result is a risk analysis based on expert knowledge gained
from past earthquakes and bridge characteristics which can be quickly
applied to the decision making process.

INTRODUCTION

The 1971 San Fernando earthquake revealed a number of inadequacies in
existing bridge design details and specifications. New bridge designs were
immediately modified to correct these inadequacies and a seismic retrofit
program was also started to address the various deficiencies in existing
structures. The initial objective of the seismic retrofit pregram was to
insure continuity at all of the bridge superstructure joints to prevent
drop-type failures. Approximately 1,300 bridges were retrofitted at a cost
of $55 million between 1971 and 198%9. Typical methods used were to add
restraining cables or rods at Jjoints and shear keys at abutments and bear-
ings. In 1987, shortly after the Whittier earthquake, 364 million was made
available for additional retrofitting. These funds were to be directed
toward the retrofit of structures with single column bents in high seismic
zones as they were perceived toc be less redundant and therefore at higher
risk. This effort was underway whan the San Francisco Bay Area was rocked
by the Loma Prieta earthquake on Qctober 17, 1989.

Caltrans has subsequently received specific direction in response to
the Loma Prieta earthquake. Following the Loma Prieta earthauake Senate
Bill No. 36X (Ref. 1) was passed which appropriated $80 million immediate-
ly, and potentially a significantly greater amount for future seismic
retrofit projects. This bill identified Caltrans as the lead agency for
inspection and retrofit if necessary for all publicly (i.e., local and
state) owned bridges throughout the State, except for those bridges not on
the State highway system in Los Angeles and Santa Clara counties. The
local agencies in these two counties have hbeen designated as the lead esgen-
cies for the retrofit of their own bridges. The Governor's Board of
Inquiry on the 1989 Loma Prieta Earthquake (Ref. 2) stated in a list of
recommended actions, ".... specific goals of this policy shall be that all
transportation structures be seismically safe and that important transpor-
tation structures maintain their function after earthquakes.®™ With this
direction and funding, Caltrans has been charged with the task of providing
safety to the traveling public through necessary retrofit modifications to
all transportation structures which may not be adeguate during s large
earthqguake .

(1) Supsrvising Bridge Engineer, CALTRANS, Sacramento, California

(11) Senior Bridge Engineer, CALTRANS, Sacramento, California
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Caltrans' is currently responding to these directions. Fijure 1 illus-
trates the strategv adopted within the Division of Structures to identify
and prioritize, group into projects, and submit to Structures Design
personnel the bridges requiring retrofit.
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Thare are soma 24,000 (approximately 12,000 state and 12,000 city or

county) bridges in the state of California (see Figure 2).

Figure 2. CALIFORNIA BRIDGES
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There are more than 200 faults (see Figure 3), which threaten Califor-
nia bridges.

IR

Figure 3. CALIFORNIA SEISMIC FAULTS

Considering the large number of bridges that Caltrans is responsible
for in some capacity, it was and still is economically unrealistic to
require that every structure be immediately retrofitted to withstand large
magnitude earthquakes without some damage. A retrofit philosophy was
adopted at the stsrt of ths seismic retrofit program which cffers reason-
able direction.
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It is Caltrans philosophy to first retrofit those structures which are
at greatest risk and are the most vital. The ultimate goal ic to see that
all of the bridges in the state are capable of surviving large earthquakes.
Some damage is inevitable but collapse is believed to be preventable with
proper retrafitting. The exception to this is in the case of important
lifeline structures. If undue stress or hardship will be placed on a commu-
nity due to a structure being temporarily out of service, every attempt
will be made to strengthen to structure to increase the chances of surviv-
ing a maximum level event with nominal damage.

IDENTIFICAVION & PRIORITIZATION

Identification of bridges likely to sustain damage during an earth-
auake is an essential first sten in a retroafit program. What can be classi-
fied as a level one risk analysis was emploved as the framework of the
process which led eventually to a consensus list of prioritized bridges.

A conventional risk analysis determines a probability of failure or
survival. This probability is derived from a relationship between the load
and resistance sides of a design equation. Not only is an approximate
value for the absolute risk determined, but relative risks can be obtained
by comparing determined risks of a numbher of structures. Such analyses
generally reaquire vast collections of data to define statistical distrib-
utions for all or at least the most important elements of some form of
analysis, design, and/er decision equations. The acquisition ef this infor-
mation can be extremely costly if obtainable at all. Bassically, what is
typically done i1s to execute an analysis, svaluate both sides of the rele-
vant design equation, and define and evaluate a failure or survival func-
tion. All of the calculations are carried out taking into zmccount the
statis’ical distribution of every equation throughout the entire procedure.

To avoid such a large questionable investment in resourses and to
obtain results which could be applied quickly as part of the seismic retro-
fit program, an alternative was recognized and developed. What can be
called a level one risk analysis procedure was used. A similar risk svalu-
ation to identify and prioritize bridges for retrofitting was used in the
single column retrofit program (Ref. 3), The difference between a conven-
tional and level eone risk analysis is that in a level one risk analysis
expert judgements take the place of data supported statistical distrib-
utions.

The level one risk analysis procedure employed can be summarized in
the following steps:

1. Survey the available expert database to identify and
weight high risk structural and transportation
characteristics,

2. Define preweight scoring schemes,

3. Calculate bedrock accelerations at all bridge sites,

4. Identify bhigh risk soi1l sites which possess the
capacity to substantislly amplify

bedrock acceleration, and

5. Prioritize bridges by summing weighted bridge structural
and transportation characteristics.
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Step 1 was performed by surveying experts in the fields of bridge
design, maintenance, and construction and gentechnical and geonloegical
sciences. Typically., bridge structural and transportation characteristics
with high correlations to past earthquake bridge damage would be used to
identify variable components of a risk evaluation. Due to the absence of a
substantial database of maximum credible California earthauakes and their
effacts en California bridge structures an alternative database was identi-
fied and tapped. Expert judgements by professionals in the field of bridge
engineering were used to derive and calibrate a risk algorithm. The survey
was used to determine which characteristics would have high correlations to
bridge damage or cost to public transportation and what their relative
correlations would be. This panel of experts represented hundreds of years
of bridge experience. The result of this step is illustreted in fFigure 6.

RISK ALGORITHM
[R = 3 [(wt )spre=wt )]

ABUT TYPE
C“

DETOUR %)

RTE TYPE (5.038'
FAC X-ED (6.0%)

SKEW  (7.0%)

(13.0%) YEAR CONST

(12.0%) ACCEL

HEIGHT  (7.0%)

(8.0%)
EXPOSURE  (10.0%)
SINGLE COL

(12.0%) sai

(11.0%)  HINGES

Figure 4. PRIORITIZATION WFIGHTS

Preweight scoring schemes were developed in step 2. These were devel-
oped using engineering judgement considering available data, their forms,
and engineering/mechanical relationships between the particulsr character-
istics and typical structural or transportation system responses. Each
preweight score is a number between 0.0 and 1.0. A number close to 0.0
reflects a relatively low risk and a number close to 1 0 reflects a rela-
tively high risk.
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Typical preweight scoring schemes are presanted in Figure §.

YEAR CONST. PREWEIGHT SCORE
0.13 weighi

-1945 1946-1971 1972-
YEAR CONSTRUCTED

FACILITY X-ED PREWEIGHT SCORE
0.06 weight

INTERSTATE

A N Y A O W, N A

Figure 5. TYPICAL PREWEIGHT SCORING SCHEMES
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The final risk algorithm details including preweight ranges iz shown in

Figure 6.

YEAR CONSTRUCTED
PEAK ROCK ACC.
SOIL AT SITE

# OF HINGES
COLUMNS PER BENT

TRAFFIC EXPOSURE
(length & ADT on deck)

HEIGHT (length)

SKEW
FACILITY CROSSED

ROUTE TYPE
(on structure)

LENGTH OF DETQUR
ABUT. TYPE

0.13 * (0.0 —=> yr >71; 0.5 ~> yre=45; 1.0-->45<yr<=71)
0.12 * (MCE acc, normalized to 0.7g)

0.12 * (0.0 ~> low risk site; 1.0 —> high risk site)

0.11* (0.0 ~>0D;05—>1; 1.0 —-> 2 or more)

0.10 * (0.5 —> muiti-col; 1 ~> single col)

0.08 * (neg. parabola, normalized to 2°10° ADT"LENGTH))

0.07 * ({LOCAL) neg. cubic, normalized to 30)
((STATE) 0.0 = 0-300; 0.5 —> 300-600; 1.0 --> >600)
0.07 * (pos. parabola, normalized to 90)
0.06 * (same as RTE TYPE, STREAM = 0.8)
0.05* (INTERSTATE —> 1.0;

U.S. ROUTE ~» 0.8; STATE ROUTE -> 0.8;
RAILROAD —> 0.7;
FED. FUNDED CO. ROUTE OR CITY ST.--» 0.5;
NON-FED. FUNDED CO. ROUTE OR CITY ST. -> 0.2;
FED LAND, STATE LAND, & UNDEFINED —> 0.0)

0.05* (linear, normalized to 100)
0.04 * (0.0 —> monolithic; 1.0 > nonmonaolithic)

THE SUM OF THESE WILL BE BETWEEN 0.0 AND 1.0

Figure 6. RISK ALGORITHM
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Step 3 was carried out by consulting the California Division of Mines
and Geology. A team of seismologists and engineers identified seismic
faults believed to be the sources of future significant events. Selection
criteria included location, geologic age, time of last displacement (late
quaternary and younger), and length of fault (10 km minimum). Fach fault
was evaluated for style, length, dip, and area of rupture surface in order
to estimate potential earthquake magnitude. fault locations were digitized
for computer use. A appropriate attenuation model was developed by Mual-
chin of the California Division of Mines and Geology t¢ be used throughout
the state, It is a weighted average of several published models.

These two efforts combined to produce a method for determining the
maximum credible peak bedrock acceleration at the site of each bridge in
California. This is achieved by attenuating maximum credible ground accel-
erations from the closest fault segment to the bridge site. This was
greatly simplified by use of the map produced by Mualchin of the California
Division ~f Mines and Geolouy (Ref. 4). This map presents the maximum
credible eak bedrock accelerations throughout the state of California.

Caltrans enginearing geologists from throughout California collab-
orated to complete step 9. A knowledge base constructed by years of study-
ing and working with the geologic strata of California was thus made
available to the Division of Structures. The team of engineering geolo-
gists, working with 26 geologic maps, conservatively identified high risk
s0il sitec which possess the potential to substantially amplify bedrock
accelerations. The identified high risk soil sites were then digitized for
computer use.

Step 5 is the process of combining the previous efforts via a logical,
dependable, and repeatable algorithm which can be computerized. This was
performed with a graphical interface system by ULTIMAP at Caltrans, A final
single risk number for each structure was calculated by summing the
products of risk algorithm weights and each structure's preweight scores,
producing a numerical measure of relative risk between 0.0 and 1.0. An
example calculation is shown in Figure 7. An indepth description of each
component and esrh preweight scoring scheme is presented in another paper
by Maroney (Ref. 5).

DATA COLLECTION

Acquisition of the bridge structural and transportation data was a
formidable task. The Caltrans Structures Maintenance database was reljed
upon heavily. This database is a Federally mandated library of records
which describe a variety of structural, transportation, and economic bridge
data. However, any single source of information cannot be relied upon
alone. FParallel information seeking efforts were initiated to gather the
best available information on all state and locally owned bridges. These
additional efforts include a solicited Seismic Retrofit Inventory (SRI)
survey of locally owned bridges (Figure B), and a state wide General Plan
(GP) review (Figure 9), of all bridges, and a collection of special know-
ledge on selected structures which engineers statewide are independently
identifyving as threatened.
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SIVEN:

- YEAR DESIGNED
~ PEAK BEDROCK ACCELERATION
- HIGH RISK SQIL SITE

- # QOF HINGES

0K 0h
- nn -I“\
and diaphram

sbutment
singls column bem

1955
0.45g

not in a high risk soil zone

0
— COLUMNS / BENT 1
yeh
— ADT ON BRIDGE 20,000 ‘gay
~HEIGHT 21t (SAltormcalls out 20-30 K)
— LENGTH 1601
~ SKEW 15 degrees
- FACILITY CROSSED U.S. route
—~ ROUTE TYPE county route
- DETOUR LENGTH 10 miles
~ ABUTMENT TYPE end-diaphragm
— YEAR DESIGNED 0.13'(1.0) 0.13
~ PEAK BEDROCK ACCEL. ujz-(éggL) 0.077
- HIGH RISK SOIL SITE 0.12* (0) 0.0
— # OF HINGES 0.11*(0) 0.0
— COLUMN/BENT 0.10* (1.0) 0.1
]
- TRAFFIC EXPOSURE ~ 0.08* (20000 %’ah?' 160=32°10 ==>0.017)  0.0025
se¢e TRAFFIC EXPOSURE PREWEIGHT CURVE
- HEIGHT 0.07 * (0.995) 0.07
H height avaiiable use HEIGHT PREWEIGHT CURVE
it height not available use length 1o estimate height
in this case SRl {form ts the best availabie dats,
and an average for the 20-30 ft range is used.
- SKEW 0.07 * (0.025) 0.0018
ses SKEW PREWEIGHT CURVE
~ FACILITIES X-ED 0.06 * (0.8) 0.048
U.S. route crossed
- AOUTE TYFE 0.05°(0.5) 0.025
tounty route on bridge
— DETOUR LENGTH 0.05° (0.7) 0.005
ses DETOUR PREWEIGHT CURVE
~ ABUTMENT TYPE 0.04° (0}
o 0.0
monolithic

RISKRATING ==> = 046

Figure 7. EXAMPLE RISK ALGORITHM CALCULATION
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The SRI requested lncal agencies to survey their structures and return
te Caltrans data which would assist in evaluating their potential need for
retrofitting. An SRI form is shown in Figure 8. All fifty-eight counties
and nearly 300 cities have completed over 11.000 SRI forms. Approximately
570 forms are outstanding and 640 forms have been received that do not
match any existing records (11/90). C(altrans processed, corrected if
necessary, and entered the returned form's information into a database.
This informalion is serving as a vital element in the retrofit progroam.

BRIDGENO. || BRIDGE NAME | _ ]

NUMEBER OF INTERMEDIATE SUPERSTRUCTURE JOINTS (HINCE)

(BENT)
SUBSTRUCTURE:  COLUMNS: Y N PLANS EYI N
(CHECE smatecounne: [ ][] AVAILABLEY L
APPROPRIATE o = [j
BOXES; MULTL-COLUMN:
ESTIMATED ADT: l
perwaLL: [ 1 [ ] DA —
rremevt [} (] MAXIMUM COLUMN /
OTHER (DESCRIBE): __ {C%C}Q%&P)Hz
’ orToze: [ ]
ABUTMENTS:
ssarasunant. () [ wrow: [ |
monoLrrHICABUTMENT: | | [ ] overso: [ ]
DEFINITIONS:
Mornluhxr_ Abuynent Su'Peﬂwcmu Iniermediate Joints SeatType Abuunnt

U [Lf\*s:s i ’_ﬁ ﬂ

S A Y e

Columa
Helght
Single Column Fuld-Calumn Pies Wall
= . CONTACT:
PREPARED BT: OWNER/AGENCY:
DATE: ADORESS:
[} COMMENTS ON BACK (SKETCHES, ETC) PHONE:

Figure 8. SEISMIC RETROFIT INMVENTORY (SRI) FORM
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The GP and detailed review utilired engineers sxamining at least one
plan sheet for every structure Caltrans has in its archives. The goals of
this effort were twofold. The first was to remove all structural types
from the retrofit program which have proven o be not susceptible to
catastreophic failure due to earthquakes. These kinds of structures include:
modern bridges designed since 1980 without outrigging knee joints, flat
slab, timber, single-span monclithic, typical two-span monolithic, and
well -seated single-span bridges. This effort reduced the number of bridges
which required a more detailed review or analvysis. The second reason for
the GP review was to serve as a check for bridge identification and data-
base quality. This proved valuable in cases in which bridge structures had
been replaced, renamed, or renumbered. A copy cf the GP Seismic Review
data sheet is shown in Figure 9, and the Detailed Seismic Review data sheet
in Figure 10. 1t should be noted that the data sheets were modified as new
conditions were incountered which suggested modification. Approximately
9000 state and 4000 locally owned bridge GPs have been reviewed and over
3000 detailed seismic reviews have been performed (11/%90).

Special knowledge pertaining to bridge structures throughout the state
has proven valuable. The Division of Structures maintains an open door
policy for engineers and other professionals to centribute to the effort in
identifving high risk structures through special knowledge of structures or
site characteristics which they have gained through professional experience
with a bridge or site in the state of California.

In order to respect previously committed time schedules, tha bridge
plan review effort has two levels pof review. They are the GF Review
discussed earlier and a Detailed Seismic Review which is providing an
opportunity to remove more bridges from the retrofit program by investigat-
ing the structura)l plans 1n detail. Such details include support widths,
column reinforcement, footing reinforcement, bearing type, etc.... The
detailed review also allows reviewers to take advantage of additional know-
ledge gained from recent retrofit structural analyses. This review is
taking place befare and following the assignment of the risk values.

It is recognized that certain structures on the state transportation
system can be identified as having unusually high levels of risk associated
with them. Examples include: structures with rigid outrigger bents, struc-
tures with leased space below, structures spanning faults, and structures
on routes which can be categorized as lifeline arteries. These structures
are being identified by numerous methonds and will be appropriately analyzed
and if necessary retrofitted.
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BRIDGEYW
DEFARTHENT DOF TRANSPURTATION
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Special Projects Branch
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Figure 9. G P REVIEW FORM
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DETAILED SEISMIC REVIFW DATA SHEFT
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PROJECT CLASSIFICATION

Identified bridges are being grouped into projects. The total inven-
tory of bridges is separated first inte three groups respecting the three
lead agencies jurisdictions and then further by the results aof the GP
review effort. Respactive lists were provided to the state, and Santa
Clara and Los Angeles counties with seismic risk factors assocciated with
all bridges. Methods employved to oversee the retrofitting bridge struc-
tures at the project level in the counties i1s the responsibility of the
respective lead agencies. FEach of the bridge structures which fall under
Caltrans jurisdiction not eliminated by the GP review will be assigned a
seismic risk factor. The risk factors will be used to prioritize the
bridges.

Project grouping will consider ownership, number of bridges, esstimated
costs, and geographic locatiens. All bridges in any single project shall be
owned by the same city or county. The maximum number of bridges in any ocne
project will be 20. (It is estimated that 50 of these will usually be
eliminated in a detailed final screening. Maximum estimated costs per
project will not exceed %4 million. Reasonable geographic limitations will
be used to group bradge sites into projects.

Each project will be prioritized. Projects will be assigned a Seismic
Project Priority Number (SPPN). The SPPN will be the average of each
bridge's risk factor in a project weighted by each respective bridge's
estimated retrofit construction cost. 1I¢ i1s estimated that project priori-
tization will be completed in late 1990,

CONCLUSIDNS

Past earthquakes have exposed potentially threatening deficiencies in
California bridges. Calirans recognized this situation as early as 1971 and
immediately initiated a retrofit program, however modest state funding of
the program limited it's scope to high potential areas. The Loms Prieta
Earthquake brought attention to the program and with legislation and
government recommendations from the governor's board of inquiry, Caltrans
is being directed to accelerate the seismic retrofit program. Important
initial steps to the strengthened program are to identify and prioritize
bridge structures which possess a high probability of severe damage in a
maximum credible earthquake. This is currently underway at Caltrans using
what can be termed a level one risk analysis. The risk analysis employs an
expert knowledgebase and grod engineering judgement to produce a prior-
itized list of bridges which will be grouped into projects and released for
design and construction,
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DAMAGE AND PERFORMANCE ASSESSMENT OF EXISTING
CONCRETE BRIDGES UNDER SEISMIC LOADS

Frieder Seible (1)
M.J. Nigel Priestley (1)
Presenting Author: F. Seible

SUMMARY

Based on encountered damage in elevated concrete freeway structures during the October 17,
1989 Loma Pri-t: (San Francisco) Earthquake, a preliminary damage and performance assessment
procedure was develnped to evaluale the seismic performance characteristics of existing concrete
bridge structures. The assessment of cap-column joint behavior is discussed in this paper within the
framework of this gencral preliminary damage and performance asscssment procedure, and extended
all the way to detailed joint behavior studies using nonlinear analytical finite element procedures.
Finally, considerations for repair and retrofit solutions for knee joints in outrigger bents are prescnted.

INTRODUCTION

The Loma Pricta (San Francisco) earthquake of October 17, 1989 reemphasized the
vulnerability of structural concrete systems to cyclic displacements resulting from seismic attack.
The dramatic collapse of a one-mile section of the Cypress Viaduct in Oakland can be traced 10
inadequate performance of the cap-column joint region in the supporning bents of the double-deck
bridge structure. Investigation of the joint reinforcement showed inadequate structural detailing of
the joint region for the encountered seismic force levels. While the Cypress collapse was well
publicized in the press and technical literature, only limited information can be found on similar
structural joint damage to other elevated roadways in the San Francisco—Qakland Bay Area which led
1o the temporary or permanent closure of scveral major frecway arteries including the Embarcadero
Viaduct (I-480), thc China Basin/Southem Freeway Viaduct (1-230) and the Central Viaduct
(Highway 101) in San Francisco, as well as the Southbound Connector (I-980) in Oakland {Ref.1].

While most of these bridge sections were designed and built in the 1950's and 1960's, some of
them were completed as Jate as 1985. This raises questions concerning not only past but current
detailing practice for structural concrete joints. Design rules for beam and column members of
structural concrete frame sysiems seem to be widely accepted and standarndized in similar form
around the world. However, as soon as aspect ratios of structural members approach unity, design
guidelines and supporting design models show a wide range of different approaches. Limited detailed
design models far these regions exist when full three-dimensional force transfer of axial, flexural and
torsional structural action is required simultanecusly. Also, most design models focus on single
monotonic structural loading and do not address fully reversed cyclic loading pattemns. Thus, the
question arises whether a unified approach for design and analysis models in support of structural
concrete detailing exists or if the state-of -the-art in structural concrete detailing still relies primarily
on experience 10 design and detail complex members for realistic loading conditions.

Both analytical models to study the in-depth mechanism of structural concrete behavior through
various limit states and design models developed to unify the structural detailing and design approach
have seen comprehensive recent developments. In a direct extension of early structural concrete
design principles by Ritter (1899) and Morsch (1909), Schlaich et al. have developed a
comprehensive design approach toward structural concrete detailing which ensures intemnal force
transfer through discrete compression and tension (strut and tie) members, satisfying equilibrium by
simple truss mechanisms [Ref.2). This approach has become a powerful design tool since it allows a
variety of detailing solutions as long as basic anchorage and stress limil states are observed, but most
importantly it allows and forces the design enginser 1o develop a consistent design model resulting in

(1) Professor of Structural Engineering, University of California, San Diego, USA
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an engineered solution rather than in a design resulting from a recipe application. Problems and
limitations arise when design solutions based on inappropriate truss mechanisms are attempicd and
when the discrete member forces are of magnitudes which cause stress limit and anchorage problems
and thus require a distributed or smeared approach. Parallel to the consistent strut and tie model
devclopment, Collins, et al. developed the juxtaposed position of a smeared or distributed behavior
model [Ref.3], which is based on homogencons behavior of structural concrele even in its cracked
state and resulting orthogonal principal compression and/or tension ficlds of the intemal forces.
Based on mechanical principles of an orthotropic homogencous material, the orientation of the
resulting stress fields is derived from compatibility and equilibrium conditions. The resulting stress
ficlds are subsequently discretized in concrete and reinforcement action which forms the basis for a
rational structural concrete design approach.  Similar to the discrete strut and tic modcl, additional
considerations for anchorage and local concentrated force transfer are required and limitations exist
where either reinforcement is heavily concentrated rather than distributed, and where structural action
results in a few large cracks rather than in the ideal distributed (smeared) crack pattern. Thus, while
both design models are different in the approach, they are rather complementary in the overall design
process, cspeciatly when in a#dition to the force transfer in the joint or member, deformation limit
states also neced to be considered.

Both of the above modcls provide comprehensive design approaches 10 structural concrele
detailing but are fully applicable only when simple monotonic loading conditions exist up to design
levels with sufficient margin to the ultimate limit state. Where detcriorating bond phenomena along
the reinforcement, opening and closing of cracks under reversed cyclic loading. deterioration of
concrele contribution in developing local failure mechanisms, and the development of ductile hinges
(which incorporatc all of the above aspects) are present, the above modcels may not be adequate and
additional considerations 1o both desigh approaches are neceded as outlined by Paulay et al. for
structural concrete joints under scismic action [Ref.6]. It will be shown in the following that, with
these additional considerations, the above design models can also be direcdy applied toward the
design of retrofit measures of existing critical structural concrete regions as found in the San
Francisco double-deck freeways. Further, it will be shown that complete failure sequences and limit
states of these structural systems can be traced using advanced nonlinear analytical structural concrete
modcls.

The critical role of structural concrete joints in beam-column systems and their behavior under
scismic loading is evaluated in this paper on the example of joint performance in clevated bridge
structures during the Loma Pricta earthquake and the applicability of various desigh and analysis
models 10 the structural concrete joint problem is demonstrated, both for the assessment of joint
performance during the earthquake and subsequent repair and retrofit strategies.

SEISMIC PERFORMANCE ASSESSMENT

General Assessment Approach

To assess the expected seismic performance of structural concrete beam column joints, it is
important that the joint undcr consideration is evaluated in dircct relationship to the actual adjacent
member capacities. This requires a state or capacity determination of adjacent beams and columns
with consideration of (1) actual material properties at the ime of evaluation, i.e., probable concrete
strength, not the design strength f¢ , actual stress strain behavior for the reinforcement not nominal
specified design yield levels, (2) proper consideration of axial load effects, (3) proper consideration of
possible confinemcnt effects from transverse reinforcement, (4) reduced concrete shear contribution
in areas of large fully reversed cyclic deformation, and (5) realistic bond and anchorage estimaies
particularly for large diamcler reinfo:cing bars. A preliminary performance assessment of joints
comprises the following general steps: Step I Realistic member capacities based on the above
considerations are derived for both flexure and shear, and the critical failure mechanism is determined
by direct comparison of the shear capacity with the plastic flexural limit state shear Vp derived from
the appropriate flexural plastic hinge failure model of the member. If Vp is larger than the calculaied
shear capacity, a potentially brittle shear faiiure can be expecied without the formation of ductile
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flexural plastic hinge mechanisms. Step 1I: Based on the possible member failure mechanisms, the
expected global collapse mechanism for the complete structural system is derived by comparing
combined dead load and lateral seismic force action with the derived capacities. Step I1I: From the
idcntificd systems collapse mechanism, crtical joint forces can now be determined at the collapse
state and a direct comparison with most probable joint capacities will indicate if joint distress
degrades the capacity of the collapse mechanism or if the joint behaves as ideally assumed within or
close 1o the elastic range. Finally, equivalent scismic base shear forces are estimated corresponding
10 the lateral force level which causes coliapse based on the above fallure mechanism. Excessive
joint distress can lead to a reduction of this base shear coclficient, panicularly when a large number
of cyclic load reversals and the associated joint degradation is considered. A complete summary of
the proposed preliminary damage and assessment procedure for existing concrete bridges under
scismic loads is compiled in Appendix A, addressing not only the joint problem but rather the
compleie assembly of individual components, bents and frames.

Application of the above preliminary seismic assessment procedure 10 the San Francisco
double-deck bridge bents has shown that particularly the joints did not meet design critena for
earthquake resistant ductile structurcs summarized by Paulay et al. [Ref.5] as:

(1) joint strength should exceed the maximum strength of the weakest conneciing member,
(2) structure capacity should not be jeopardized by strength degradation in the joint,
(3) joint response should be elastic during moderate scismic disturbances.

The preliminary joint behavior assessment outlined above can be supplemented and refined by
more detailed analysis and design madels as demonstrated in the following for specific cast siudics
performed following the 1989 Loma Pricta earthquake.

. Viaduot Overvi

The collapse of the Cypress Viaduct in Oakland was caused by inadequate structural detailing of the
lower cap-column joint region. A typical failed bent of the Cypress Viaduct is shown in Fig. la,
whilc probably more instructively, Figs. 1bc and d depict the joint distress pattern of the cap-column
joints in portions of the Cypress Viaduc which did not coliapse during the Loma Prieta earthquake.
Both vertical and horizontal joint reinforcement detailing, see Fig. 2, is insufficient to transmit the
required joint shear forces and both a capacity design check with joint equilibrium model and a
compression field based nonlinear finite clement modcl [Ref.1] yiclded joint shear forces of less than
1.8 MN [400 kip], sufficicnt w0 fail the pedestal in the joint region. While the simple equilibrium
check on the joint provides a quick assessment of the joint shear capacity, the nonlinear finite element
investigation of the joint also provides the sequential crack and yield development pattems and
associated deformation limit states which allow estimates of the ultimate failure mode, see Fig. 3.

As shown by the failure mode postulated in Fig. 3 and the distress patterns in Fig. 1, the failure
most likely initiatcd in the lower part of the upper column or the column pedestal which featured
insufficient transverse reinforcement D = 13 mm @ 30 cm (#4 @ 12 in.) 10 confine the
column/pedestal concrete and to provide the required shear resistance.

While the Cypress failure originated in the column pedestal or extended joint region, distress
patterns encountered in other elevated roadways such as the China Basin Viaduct (I-280) and the
Oakland Southbound Connector (1-980) clearly show extensive joint distress, particulanly in the knce
joints of outrigger bents as shown in Fig. 4. These outrigger bent damage patterns will be evaluated
in the following.

The China Basin Yiaduct, 1-280 Bent N1-35

An overview of the China Basin Viaduct bent N1-35 is given in Figs. 5 and 6. The upper
roadway (N1j-line) is supported by a large outrigger bent which sustained both joint shear and cap
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Fig 1V Cypress Viagduct coligpse and distress patterns
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flexurc/shcar damage as outlined in Fig. 6b. To assess Lhe expected seismic performance of bent
Nj-35, a dead load cstimate and a capacity estimate [Ref. 1] of the upper cap beam and columns was
performed, as outlined above and summarized for the cap beam in Fig. 8, based on the as-built
dimensions and reinforccment dctails depicted in Fig. 8. For bent N 1-35, the flexural capacitics of
the cap beam were well below the column capacities and were thus critical for the overall seismic
perlormance assessment. A unit lateral (seismic) force was subsequently applied to the bridge bent,
superimposed separately for two support assumptions (1, I)and the two loading dircclions with the
dead load cstimates and scaled until the combined action exceeded the flexural cap beam capacily
envelope, see Fig, 7.

Lateral response force levels of F =1.63 g and E = 0.69 g in the two directions, respectively,
were found to be sufficient to causc local hinge mechanisms to develop. Particularly under loading to
the right, see Figs. 6 and 7, the tcrmination of negative or top reinforcement at a distance of 6.1 m
(20 ft) ft from the column center line is cause for the onset of a negative moment crack which
propagates toward the column in shear aided by the lack of cap beam shear reinforcement in this
region, see Fig. 8. A wide flexural-shear crack was observed in this region, as predicted, sce Fig. 6b.

Joint shear cracking was calculated for both joints at laeral force Ievels less than that cor-
responding to the first hinge formation. Approximate values corresponding to a joint shear stress of
033Vl ¢ MPa (4\T¢ psi) are =045g; % = 0.40 g. Thus, significant joint distress as scen in
Fig. 6b can bc expected.  Although the level of cracking visible in the posilive knee joint moment
regions of the bent cap beam indicates that the bent prebably did not reach first hinge formation, the
shear stresses in the joints were high enough to cause joint failure. Hence the response accelerations
appear 1o have exceeded 0.4 g in each direction.

However, since both cap beam and joint mechanisms form at very similar lateral load levels
and the distress pattem in the cap beam also indicates reinforcement inadequacies, no repair or retrofit
mcasure but rather complete replacement of the entire bent was recommended (Ref.1).

The Qakland Southbound Connector, J-980, Bent 38

A single-deck outrigger bent (bent #38) with only a 0.92 m (3 ft) outrigger cap beam extension
past the supcrstructure on 1-980 fecatured heavy joint damage as shown in Figs. 4 and 9. Built in
1985, the column was well confined with an interlocking spiral, see Fig. 10, however, this spiral did
nol continue into the joint region where it was replaced by a § gauge wire spiral with D=5 mm at 10
cm (¢ 0.2 in. @ 4 in.). Alsqg, the cap beam reinforcement aside from the top and bottom bars, see
Fig. 10, did not extend into the joint region.

A capacity check on the cap beam and column capacities showed that the cap beam capacity is
critical for positive moment due to the insufficient anchorage length of 1.8 m (72 in.) for the D =
57 mm (#18) bars which, bascd on ACI 318-89, require a basic development length of 3.0 m (117 in.)
which is likely to be on the conservative side. In the other loading direction (negative moment in the
joint), the column capacity is critical. Joint shear force levels derived from simple stress models,
Fig 11, show joint shear stress levels of 0.37VF¢ MPa (4.3VT ¢ psi) and 0.5VT ¢ MPa (6.0VT¢ psi),
under positive and ‘jn_cgative moment loading, respectively, which are both above an assumed level of
0.33VF ¢ MPa (4.0Vf ¢ psi). where diagonal tension cracking in the joint can be expected. Since the
shear capacity of the 5 gauge wire spirals does not add significant joint shear capacity, the formation
of any flexural hinge mechanism in adjacent members was inhibited.. This explains the encountered
diagonal joint crack patterns during the Loma Prieta eanthquake, se¢ Fig. 4.

In addition to the diagonal crack pattems, large areas of cover concrete spalling along the outer
cap corner as well as a ruptured D = 57 mm (#18) reinforcement bar which was bent on a 45 cm
(1'-6") radius were cbserved, see Fig. 9.

The first phenomenon of cover concrete spalling can be explained with the fully reversed cyclic

loading. Under negative moment, flexural cracks open on the cap surface as shown in Fig, 11 and
under subscquent positive moment loading, the entire compression force has to be transferred through
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the negative moment reinforcement until the cracks can close. These high compression forces in the
negative moment reinforcement transferred 1o the concrete by bond, have a iendency to spall off the
concrete cover between flexural cracks developed in the previous tensile excursions.

The second phenomenon, the ruptured reinforcing bar, points to a potentially critical problem
which nceds further investigation. Common ultimate strain levels in D = 57 mm (#18) fy =414 MPa
(Grade 60) bars are in a range from 7 to 15%. Introducing a R = 45 cm (18 in.) radius bent into a D =
57 mm (#18 or ¢ = 2.25 in.) bar causcs strain levels of D/(2R) = 225/(2 x 18) = 6.25%, which is close
1o the ultimate strain range. The very low strain reserves and possible strain aging effects which raise
the noich ductile temperature at which steel will fail in a brittle mode can cause sudden failure in
these bent bars at very low additional strain levels,

In addition to the simple stress models of the knee bent joint, detailed nonlinear finite clement
simulations based on extended compression field principles were performed o determine analytically
failure modcs and joint deformation contributions to the overall bent deformations. Reinforcement
development of straight bars was modeled by assuming a reduced yield level in the anchor zone
decreasing lincarly from the full yicld at the ACI 318-89 basic development location to zero at the bar
end. Subscquently derived yicld pattems in bar anchorage regions therefore are indicative of bond
failure or slip. Superimposed 10 the dead load case, the half bent, Fig. 12, was subjected 10 lateral
force and force-deformation envelopes with major event indicators were abtained. Associated crack,
slip/yield and first crushing pattemns, see Fig. 13, indicate the failure mechanisms in the joint region.
The heavy yicld in the joint center, both horizontally and vertically, indicates the deficiency of both
vertical and horizonial joint shear reinforcement, particularly under loading to the left or negative
moment on the joint. Also, the crushing of the concrete in the outer joint region under the bent
ncgative moment reinforcement under loading to the left or negative moment indicates the high
compressive stress state and associated transverse prying forces in this region and the need for
sufficient transverse confinement reinforcement, as outlined by Schlaich et al. [Ref.6), for strut and
tic models for ncgative moment knee joints.

For repair and retrofit considerations. the emphasized diagonal nature of the joint yield and
joint crack patterns strongly suggest the addition of both horizontal and venical joint shear
reinforcement. Also. the prying forces in the negative moment reinforcement generated under fully
reversed cyclic positive moment need (o be anchored back to the compression zone on the inside of
the joint through a diagonal tie back.

A comparison of the force-deformation envelope in the two loading directions, see Fig. 12,
shows that loading to the left or negative moment loading results in a sudden failure with crushing in
both joint comners, Fig. 13, while loading to the right or positive moment loading detcriorates due o
the slip in the positive moment reinforcement of the cap beam and the column. Hewever, under fully
reversed cyclic loading, this bond slip will deteriorate even further causing a drop in positive flexural
capacity (not shown in Fig. 12}.

Since joints should be dctailed bascd on capacity considerations such that the major inelastic
action occurs in the cap or column, and since they should remain effectively elastic for small scismic
disturbances (Paulay et al. {Ref.S]), the nonlinear finite element analysis was repeated with a lincar
elastic joint for a direct comparison of deformation limit states. As can be seen from Fig. 12, while
joint deformations did not contribute significantly to the initial overall structural deformations, the
failure mode in the positive moment direction (loading to the right) shows improved ductile behavior
when the failure mechanism is shificd from joint distress to flexural cap beam hinging. It should be
noted that the cap beam capacity still may be antificially low due to the reduced yicld strength in

the bottom D = 57 mm (#18) reinforcing bars based on a reduced development length according 10
ACI 318-89. Negative moment loading behavior is also improved by forcing the yield mechanism
clcarly into the column Since the bent joint failure is the critical link in the overall behavior,
repair/retrofit of these joints is a logical next step.
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REPAIR AND RETROFIT

Cap/column joints in ¢levaied roadways are probably the most difficult members in a bridge
bent Lo successfully repair and/or retrofit for scismic loading. Both horizontal and vertical heavy
reinforcement pattems from cap beams and columns provide for complex geometric and congested
reinforcement patiemns in the joint. Also, the cnitical aspects of bar anchorage within the joint as well
as plastic hinge development dircetly adjacent to the joint complicate the retrofit design.

Criteria for seismic retrofit design of cap/column joints have 1o follow the philosophy of
providing a reliable ductile structural systiem. Since ductility within the joints is very hard to achicve,
the joint retrofitting is geared toward the formation of clearly defined and well behaved ductile plastic
hinges in cither the cap beam or the column. In many bridge decks. the cap beam is an integral
component of the superstructure which would make post-carthquake repair in this member difficult.
Thus, frequently in bridge design, the ductile framing system is provided by reliable column hinges.

For the retrofi design, again a capacity design approach should be employed which ensures in
the case of the joim rewofit predominantly clastic behavior of the joint region. This can be achicved
by joint design which is based on factored nominal column design moments, e.g., 1.5 x My, where
the factor accounts for reinforcement overstrength, including strain hardening, confinement effects
and concrete strength increase with time. In detailing of the joint repair retrofit, the congested
reinforcement layout within the joint as well as high nominal joint shear stress levels typically require
an increase in size of the joint region.

Detailing for repair or retrofit of tie damaged knee joint on 1-980 bent #38 can be derived using
either strul and tie modcls as outlined in Fig. 11 with additional considcrations as outlined in [Ref 6]
for transverse splitting under negative moment and tie back for fully reversed cyclic loading, or
directly from the force states derived from the compression ficld analysis, sce Fig. 13. A possible
repair measure consists of providing an additional 23 cm (9 in.) concrete jacket around the existing
joint wilth horizontal and venical distributed joint reinforcement and a diagonal comer tic back based
on force and reinforcement quantitics derived in Fig. 11. The damaged joint concrete can cither be
removed and the joint rebuilt completely or the damaged joint can be epoxy injected subscquent 1o
removal of loose concrete, roughening of the interface, and adequale doweling bonding of the added
structural concreic jackel.

A schematic overview of the repair measure suggested for 1-980, bent #38, is depicted in Fig.
14, for an added cencrete jacket without prier removal of the joint concrele core. Subsequent to the
joint repair work, lateral load deformation charactenstics exceeding those depicted in Fig. 12 for the
clastic joint casc can be expected.

CONCLUSIONS

Damage in cap-column joints of elevated roadways during the October 17, 1989 Loma Pricta
carthquake was used o demonstrate both preliminary seismic performance assessment procedures for
existing concrete bridges as well as detailed analytical models for performance evaluation throughout
alt critical limit states. A complele summary of the proposcd preliminary performance assessment
procedure is presented to stimulate discussions on a unified cvaluation, design and analysis approach
in assessing and retrofitting existing concrete bridge structures for scismic loads. The presented
modcls range from discrete strut and tie analogies 10 complex nonlinear finite element analyses to
demonstrate the various analytical suppon levels for seismic performance assessment and retrofit.
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APPENDIX - A*

Preliminary Performance Asscssment Procedure for
Existing Concrete Bridge Structures Under Seismic Loading

Progedurs

Commentary

L__Standalone Bent Evaluation L Standalonc Bent Evaluation

1. Dcad load evaluation of bent

2. Lateral load snalysis due 1o unit seismic
load E.

3. Determine member capacities based on
probable material properties.

3.1 Flexural capacities including
confinement effects, development
length effects and gravity on axial
load effects.

*Proposed procedure open for discussion

1. Estimate contributury dead load from
superstructures 1o bent, self weight of bent
components and establish dead load
bending moment diagram for the bent.

2. Apply inverse triangular unit seismic lateral
load pattem at superstructure levels to the
bent,

cg. E2=>
2R~ B2
E/6=®
=T1 =711 1]
in both directions.

3. Determine most probable material data at
the time of evaluation based on 1esis or
assume a2 50% strength increase from the
nominal concrete design strength £ and a
12.5% overstrength in the yield capacity of
the reinforcement; ¢.g. concrete ¢ - 4000
psi = "¢ = 6000 psi, reinforcement grade
40 - fy = 44 psi.

3.1 Development length of flexural
reinforcement should be taken from
ACI 318-89 until new guidelines are
available. For shorter development
length, the effective yield stress
should be reduced proportionally. For
lapped starter bars with 20 dp lap
splice, assume a 75% effectiveness in
flexure.

Confinement of the concrete by ties or
spirals should be accounted for by
means of an increase in ultimate
compressive strain £¢y as

1.4 py fh €m

€= Fec

with pg = effective volumetric ratio of
hoop or confining steel, fyn = hoop
yield stress, £gy = strain at peak strain
of hoop steel = 0.12, fic = confined
strength of concrete < 1.5 . or
alicmatively as e¢y = 0.005.

Axial effects due to gravity and
overiuming should be considered.
Correct iteratively for overtuming
effects.
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Procedure
L__Siandalone B=nt Evaluatiop (cont)

Commentary
1__Standalone Bent Evaluatiop (cont)

32 Shear capacitics including axial load
angd longiwdinal reinforcement ratio
effects and deteriorating concrete
contributions for hinge regions.

3.3 Determine member failure mode and
member mechanism location.

Determine moment capacity envelope for
bent and detcrmine lateral load levels
which cause local mechanisms based on
dead load and factored E loads.

Determine the equivalent base shear
cocfficicnt corresponding to the collapse
mechanism as Cp,=E/W.

. Check of joint regions for joint shear. If
joint degradation is likely, reduce
associated base shear coefficient.

Check footing capacities for critical
mechanism.

32 Detemine member shear based on
joint ACI/JASCE Committee 426
recommendation as

Va=vcbd|1 +£“— +i"-f¥‘l with
f'cAg s

ve =(0.85+ 120 py) VI'cs24x Vg
In hinging regions the concrete

contribution should be reduced based
on the ductility demand

X

2 L !
14 \ va‘:
—— ——

1 2 3 4 ducility

3.3 Check if flexural plastic hinge state
can develop in member or if shear
mechanisms dominates. Assume that
Vp is the shear comresponding to the
flexural plastic hinge failure mode of
the member

Mgy 1—Mp,r
VD = _JIJL_D'_ .
If Vp > Vp, a polentially brittle shear
failure mechanism in the member can
be expected.

. For the determination of the overall

collapse mechanism, assume initially that
the joints will perform elastically.

. E represents the total applied scaled lateral

load, see Section 1, and w represents the
weight and tributary dead load to the bent
under consideration.

. Joint capacity can be taken as v¢ =

3.5 Vi plus v, If the joint shear demand
from the critical overall collapse
mechanism is equal to or less than ve + vg,

joint deterioration is likely, the concrete
shear contribution should be reduced based
on the duclility demand following the
column concrete shear reduction in Section
3.2, and the associated bent base shear
coefficient should be reduced accordingly.

. Check analysis assumptions for fooling

connection based on critical collapse
mechanism forces, e.g. uplift, late: .l
capacities, etc. and iterate if necessary.



Procedure
1L_Fram¢ Evaluation
1. Based on individual bent capacities,
determine total frame capacity and compare
with clastic demands from spectral analysis

to obtain characteristic frame force
reduction factor.

Commentary
IL_Frame Evaluation
1. Determine lateral frame capacity as
Eframe =Et+ Eo+ ...
bent1 bent2 bent3 E

3 ¥

plan

A A

Neglecting torsional effects, compare with
linear elastic spectral analysis valucs o
obtain the required force reduction factor as
Ry, = Cdemand
Eframe

This force reduction factor is a measure for
the ductility demand assuming that force

redistribution between bents in a frame is
possible. Use cracked sections for spectral
analysis, i.e. beams [ = 0.3 1,, columns pg=

25%.1=051g and ps=75%,1=0.7 I.

Define frame base shear capacity for the

R
-
fe = = =
-

hoaa

2. Dewermine the nominal base shear capacity 2.

for frame. formation of the first bent collapse
mechanism as
Capacity bent 1
v bent 2
o
Vl beni 3
AN
Vi displ.
Vbase frame = Ver + X Vissociate
11, Global § | Considerati iL_Global § [ Consideraii

1. Repeat spectral analysis for a multi-frame

1. Spectral analysis based on linear elastic
assembly with limiting cntical boundary

cracked section properties should be

conditions to check global validity of force
reduction values and need for retrofit. If
failure res mode is in flexure, force
reduction factors of 2 or less are acceptable
without retrofit. If force reduction demand
> 2 retrofit required. If failure response
mode includes shear mechanisms or joint
failure, a force reduction demand > 1
requires retrofit.

2. Check longitudinal structural response,

particularly tension in caps and outrigger
bents.

3. Define desirable ultimate response mode to

outline and design retrofit strategy.

performed for a multi-frame assembly to
capture possible torsional effects, and
dynamic response characteristics of
geometrically complex regions such as end
frames. on/ofT ramps, curvature effects, etc.

For force reduction factors > 2, a detailed
analysis of actal ductility capacities based
on advanced scction analysis models can
show that no retrofit is required.

2. The longitwudinal response of individual

frames needs 1o be evaluated. Particular
attention is required for determining
superstructure capacitics and torsion effects
in caps and outrigger bents. Interaction of
mechanisms in the transverse and
longitudinal direction needs to be
considered.
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LARGE EARTHQUAKE COUNTERMEASURES
FOR BRIDGE SUBSTRUCTURES
ON THE TOMEI EXPRESSWAY

Toshikazu Tsubouchi (1)
Kenji Ohashi (II};
Kazushige Arakawa (II)

SUMMARY

Forecasts have been made for many year warning of the pessibility of
a major earthquake, similar in scale to the Great Kanto Earthquake, occur-
ring in Japan. This, the predictions indicate, will be the Tokai
Earthquake believed to arise at the southern edge of a geographic region
equivalent to the center of the Japanese isles. In other words, the
tremor is predicted to have its center in Shizuoka prefecture. In readi-
ness for the anticipated earthqueke, countermeasurs--social and economic
cnes-are being planned and executed.

The Japan Highway Public Corporation joins these efforts with the
investigation end implementation of countermeasures directed against the
possible Tokai Earthquake and its disastrous effects on the Tomei Ex-
pressway passing through the rigk area. While some of the details of
these planned countermeasures have already been reported, this paper
focuses on the methods for assessing earthquake resistance. This paper
follows an earliier publication on the subject and its aim is therefore to
present some actual examples of retrofit measures.

INTRODUCTION

The Tomei Expressway has served as a vital lifeline in Japen's traf-
fic system since it was opened to the public in 1969. Linking the
country's major conurbations on its stretch from Tokyo through Yokohama to
Nagoya, it fulfils & most essentlal role in social and economic terms,
especially with the present accelerated growth of motorization. To ensure
the functional availability of this major rcad, further efforts are and
will be desirable to intensify road meintenance and management.

The Tomei Expressway passes through the Tokal region and the
southern fringe of Shizuoka prefecture will be the epicenter of an
earthquake, assumed to be of wagnitude 8. This region has therefore been
designated as falling within the Tokai Earthquake retrofit zone under the
Specigl Measures for Major Earthquakes laid down by national government.
Similarly, the Tomel Expressway has been designated a Post-Tremor Emer-
gency Transport Road.

Approximately 220km, or roughly 708 of the total length of the Tomei
Expressway lie within the region subject to intensified countermeasures
against the risks of an earthquake disaster. This stretch of the Ex-
pressway has e total of 25U bridges. The designation of the Expressway as
a post-seiswmic Emergency Transportation HRoute gave rise to the need
to take suitable measures to retrofit the bridges concerned. Since the
damage caused to the bridges will have a major effect on the restoration

{I) Manager, Second Maintenance Section,
Japan Highway Public Corporation

Engineer, Second Maintenance Section, Tokyo First Operation Bureau,
Japan Highway Public Corporation

Tokyc First Operation Bureau,
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work after the earthquake, the decision was taken to
measures specifically aimed at these bridges.

The most important anti-seismic measure for a bridge is the preven-
tion of its superstructure from falling. The countermeasures have there-
fore concentrated on the fortification of the bridges' substructures to
provide greater safety for the superstructure. To assess the resistance
of bridges® substructures to earthquakes and te conduct retrofit tech-
niques on the basis of unified principles, a Retrofit Mesures Investigat-
ing Group was appointed to define the Specifications for the Investigating
of Seismic Retrofit Measures (Ref. 1)}, In addition to the preventive
measures Lo protect the general superstrutures and constructions (devices
for preventing superstructures from falling and length between the end of
the girder and the edge of the superstructure, etc.} the preventive
measures to safeguard against bridge collapse also concentrate on the sub-
structures.

This paper introduces the above guideline specifications and

describes some examples of how retrofit techniques are implemented on the
basis of these specifications.

implement counter-

ASSESSMENT

Procedure for Assessing Earthquake Resistance

The anti-seismic assessment procedure for bridge
Fig. 1.

Resistance to earthquake is assessed by estimating the liguefaction
behavior of the surrounding soil base, the safety of the bridge pier and
foundation, and the safety of the abutment and backfill.

These investigations have been carried out on the basis of, and in
accordance with, the Specifications for the Investigation of Seismic
Retrofit Measures (Ref. 1}, and this paper gives an outline of the assess-
ment method. For fuller details, reference is made to the existing report
(Ref. 2) which has already been published.

is summed up in
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Determining The Magnitude of Seismic Movement in The Affected Area

The size of the geographic fault associated with the anticipated
Tokai Earthquake and the location of this fault are as shown in Fig. 2.
The magnitude of the earthquake is assumed to be 8.0.

The intensity of the earthguake considered likely to occur in the
Tokai Area, that is, the Tokai Earthquake, is evaluated in terms of the
design elastic seismic coefficient. The elastic seismic coefficient is
calculated from the earthnuake's magnitude, the distance from the
epicentral area of the tremor to the bridge location, the ground class-

ificaticn, the natural period of the particular substructure concerned,
and the damping factor.

LN 2 Saitama Pre

A —_—
! it =~
\,\ \ e
1 Tokyo
Gifs Pre. ——
- .
wa Pre™

Pre.

50 km

Fig. 2 Fault Model for Earthquake Anticipated in the
Tokai Regicn and Geographic Zone Designated for
Intensive Fortification Meastures
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Assessment of Liguefaction Potential

The assessment of the liguefaction behavior of the soil‘surroundir‘\g
the bridge location involves the following procedure which is schemati-
cally shown in the flow chart Fig. 3. . . .
Pai)y Presence of a layer required for the assessment of soil liquefaction

behavior ‘ . )
b) Simple estimation of liguefaction potential from the resistance fac
tor (I) N . .
¢) Assessment 8llowing for irregularities in the soil's shear stress
(11)

d) Detailed assessment by dynamic analysis (II1) if the earthquake is
considered to have a major affect on the structures.

G

[ RESEARCH FOR GROMND DATA INVESTIGATED BEFORE DESIGN

ASSESSMENT INC SIMPLIFIED PR DURES
[ NG SLpLELED PR J

EXECUSION OF SoiL TO GRASP THE
CHARACTERISTICS OF LEQUEFACTICN STRENGTH

PRECISE ASSESSMENT OF LIQUEFACTION POTENTIAL (1) J

ANY POSSIBILITY OF SOIL
LIQUEFACTIONY

EXAMINATION OF SAFETY OF FOUNDATION
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1
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¥
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Fig. 3 Procedure for Examining Foundation Retrofitting by Considering
Seil Liquefaction
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Assessment of Bridge Piers

The seismic resistance of the bridge piers constructed from steel-
reinforced concrete is verified for the cut-off points of the main rein-

forcing bars and the bottom of the pier. The examination procedure for
the bottom varies according to the failure pattern, that is, according as
to whether flexural or shear failure precedes, If flexural failure

precedes, the ductility of the pier structure is examined. If failure oc-
curs in the shear mode, the shear capacity is examined.

Thus., the cut-off points are examined on the basis of either their
flexural capacity or their shear capacity. Fig. U shows the examination
procedure for a celumr-type or wall-type pier.

If the pier is a frame structure, it is modelled with a framework
structure to exanmine the ecross-section by an analysis procedure which
takes the non-linear behavior into account.
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Assessment of Foundations

There are essentiaglly three different types of foundation

spread foundations, pile foundations. and caeisson foundations.
For spread foundations, the perpendicular ground resction is ex-
amined in terms of the ultimate perpendicular bearing capacity and the
horizontal load in terms of the ultimate horizontal bearing capacity. The
overturning movement 1i$ examined in terms of the moment of resistance with
respect to the moment of overturn at the end face of the foundation.

For pile foundatirns, both the perpendicular and the horizontal
leoads are supported by the pile alone so that the reaction at the pile
head is examined in terms of the ultimate bearing capacity. The sectional
forces acting on the pile are examined in terms of the capacity of the
pile. The displacement of the pile foundation is examined in terms of the
degree to which it is possible to safeguard seismic resistance for the
bridge as a whole.

For caisson foundations, the perpendicular ground reaction is deter-
mined 1in terms of the ultimate perpendicular bearing capacity and the
horizontal load in terms of the ultimate horizontal bearing capacity. The
moment of overturn is examined on the basis of the ultimate moment of
resistance, consisting of the ultimate perpendicular and ultimate horizon-
tal bearing capacity. The displacement of caisson foundations is examined

in terms of the degree to which it is possible to safeguard seismic resis-
tance for the bridge as a whole.

in use;

Abutments and Backfills

The seismic resistance of the abutments is determined by examining
the capacity in the ultimate condition of sectional failure.

Backfill assessment is carried out by the circular sliding methed.
Initially, the safety factor 1s determined by assuming that there is no
abutment. If this factor has a value of 1.0 or less, the abutment piles
are considered as being landslide-suppressing piles and the safety factor
is then investigated on this basis.

Fig. 5 shows the procedure for examining the seismic resistance of
the abutments and backfills.
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Fig. 5 Procedure for Examining the Seismic Resistance of
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RETROFITTING MEASURES AND SUITABLE EXAMPLES

Structures and Methods for Retrofitting

The above methods are used to study the seismic capacity of the
bridges in the area assumed to be in the disaster zcne of the anticipated
Tokai Earthquake. If these assessment procedures demonstrate that seismic
resistance cannot be assured. suitable countermeasures must be taken.

Table 1 sums up the countermeasures employed for the bridges on the
Tomei Expressway. When it has been concluded that the scil surrounding
the bridges is liable to liquefaction, this is reflected in the examina-
tion of the structures., For the foundation structures such as the piles,
seismic resistance is examined by reducing the soil factors such as the
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modulus of deformation. The procedure used for determining the slide
sefety factor of circular sliding on the backfill takes the rise in pore
water pressure in the liquefied stratum into account.

Table - 1 Countermeasures Applied to Bridges

Target Structure Countermeasure Bridges Mainly Affected

Pier RC lining Torisaka Viaduct
Sugegaya Viaduct

RC shear wall Nagasaki Viaduct
Nishiokazu Viaduct

Foundation Pile increase Osakagawa Bridge
Kuno Viaduct

Backfill Coffering with steel | Nagamachi Bridge
pipe piles Enoo Bridge

Counterweight fill Nagasaki Viaduct
construction

These typical countermeasures are explained below in closer detail.

Example 1 : RC Lining

The provision of an RC lining is one of the retrofitting methods
available for pillar-type or wall-type piers. There are various prece-
dents in which retrofitting has been attempted with an RC lining, and to
explain the method let us here introduce the RC lining retrofitted on the
Torisaka Viaduct.

The Torisaka Viaduct is & bridge construction with a total bridge
length of 218m. Its substructure consists of 12 piers and 2 abutments.
Its superstructure consists of continuous S+4+4 spen RC hollow slab-bridge
sections. Fig. 6 is a general view of the viaduct bridge. The piers are
of double-pillar construction and the pile foundation consists of 508mm
dianeter steel-pipe piles.

The seismic resistance of the pier structure is investigated as
shown in Fig. 4. The converted elastic seismic coefficient (Kheq) used
for examining the seismic resistance is determined from Ffactors such as
the nature of the soil and the natural period of the substructure. The
values are presented in Table 2. These values for the elastic seismic
coefficient were used to check the ductility of the base sections of the
typical piers. The results are shown in Table 3 and demonstrate that the
base sections of the piers are safe. The seismic resistance of the cut-
off points were investigated by comparing the acting moment of bending {M)
and the bending capacity (Mu) applicable when the ultimate load acts on
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the cut-off points. Table U gives the results. In the axial direction of
the bridge P7, M becomes greater than Mu. For the movable pierg P1, PS5,
and P9, M is smaller than Mu so that their safety is assured. In view of
these results, the decision was taken to effect retrofitting work on piers

P2, P3, P4, P6, P7, Pl1. and P12, with the reinforcement design aimed at
the fixed piers similar in design to pier P7.

218m
]
For Nagoya | 84 SRR 14 . 67
ago
or NS r— RC Hollow Slab .T RC Hallew Slab | RC Mollow Slab | Lo7,T0K¥°

ﬁu_ﬁu - A%f_wgu g lr]' 2 .gu i

A KR A 1T O A A T WO | | I A A A LA

A P P2 Ps Ps Ps Pg P7r Pe Ps P Pu Piz Az

pite length £ =-270~330m

Fig. 6 General Schematic View of the Torisaka Viaduct Bridge

Table 2 - Converted Elastic Seismic Coefficient (Kheq)

Pt p2 P3 Pl P5

Al Bridge axis 0.51 0.87 0.87 0.87 0.51

PS5 | Perpendicular 0.66 0.66 0.66 D.66 0.66

~‘\ﬁg\“\\¥\‘r P5 P6 P7 P8 P9

P5 | Bridge axis 0.51 1.07 1.07 0.52 0.53

PS | Perpendicular 0.66 0.66 0.66 0.66 0.66
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Table 3 - Determination of the Ductility Factor (U} for the Pier
Base Sections

(tru\"“‘“ L sylem)| éulcm) | na=fu/dy | dolcm) u=£o);y yary
p1 Bridge axis » 4.25 32.2 6.0 3.25 0.76 OK
Perpendicular 3.46 44.8 6.0 1.40 Q.46 OK
Ps Bridge axis 4.21 35.1 6.0 2.90 0.69 CK
Perpendicular 3.38 54.6 6.0 5.80 1.72 0K
P7 Bridge axis .76 23.4 4.9 15.89 3.34 0K
Perpandicular 3.41 52.7 6.0 6.73 1.97 oK
g Bridge axis .71 39.8 6.0 u. 24 0.90 DK
Perpendicular 772.25 68.0 6.0 7.62 3.39 OK

4y : Displacement when steel reinforcing bar yields {cm)

du : Ultimmte displacement {cm)

va * Allowable ductility factor

o : Actual horizontal displacement after allowing for the
ductility of the pier base sections {(cm)

u ¢ Ductility factor

Table 4 - Examination of Flexural Capacity for the Cut-off Points

T Po{tf}: h{m} M(tfom} Mu(tfm) M<Mu
\r ]
Pl Bridge axis 32.8 4.73 155.1 223.0 0K
Perpendicular 30.2 5.82 175.8 354.3 OK
o Bridge axis 18.4 4.93 90.7 172.1 OK
Perpendicular 60.1 6.01 361.2 373.4 OK
p7 Bridge axis 133.2 5.03 670.0 338.7 ouT
Perpendicular 62.1 6.03 374.2 481.8 oK
g Bridge axis 39.7 | 4.64 | 184.2 284.7 oK
| Perpendicular 91.6 6.90 632.0 786.5 OK
Po : Converted horizontal force (tf}
h : Height from position at which Po acts to the cut-off location {(m)
M : Action moment at cut-off location (tfm)

Mu : Ultimate bending moment (tfm)
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The purpose of retrofitting the main steel-reinforced corncrete cut-
off peints is to ensure that they are not damaged before damage occurs at
the base sections. The retrofitting work consists of a steel-reinforced
concrete lining applied around the pillar cross-section so that the
flexural capacity (Mu) after the retrofit will be greater than the acting
flexural moment {M). This means that the condition Mu > M is met. The
150mm thick concrete lining around the pillar has upright D22 steel in-
serts. The space between the concrete lining and the old concrete forms
the joint and has been prepared with chipping 20mm of the thickness of
the surface of the old concrete. Fig. 7 shows a example of the RC lining
retrofit work.
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Fig. 7 Example of Seismic Retrofit Using an RC Lining
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Example 2 : RC Shear Wall

The Nishiokazu Viaduct (Ref. 4) has frame-construction piers which
were retrofitted to render them earthquake-proof by erecting a steel-
reinforced concrete (RC) shear wall designed to enhance their seismic
resistance through the construction of a wall between the pillars.

The superstructure of the Nishiokazu Viaduct consists of a con-
tinuous five-span RC hollow slab and simple PC post-tensioning T beams.
Its substructure consists of two abutments and five piers over a total
bridge length of 10Im. The piers are constructed so that P1 - PU are
double-pillars while PS5 is a frame structure. The pile foundation con-
sists of the S08mm diameter steel-piles. A schematic general view of the
viaduct bridge is presented in Fig. §.

, 1o 3m

e 75 0 26.3
For Nagoya RC Hollow Slab PC h-;,pe Girder For Tokyo

pille length 2 =125~ 21.0m

Fig. 8 Schematic General View of the Nishiokazu Viaduct Bridge

The seismic capacity of piers P1 - P5 in the axial direction of the
bridge was investigated by the procedure shown in Fig. 4. Seismic
capacity of pier P5 in the direction perpendicular to the bridge axis was
studied by means of a non-linear analysis using a framework model since
this pier is a frame construction. The seismic capacity for P5 in the
direction perpendicular to the bridge axis is explained below.

The converted seismic coefficient (Kheq) of pier PS5 is 0.88 in the
axial direction and 0.79 in the direction perpendicular to the axial
direction. The investigation results, obtained by entering the above con-
verted seismic coefficient as the input data to verify the seismic resis-
tance, indicated that there was no need for retrofitting in the axial
direction but that it was necessary to retrofit the structure in the per-
pendicular direction. The framework model for the perpendicular direction
is a planar model made from beam and pillars as the members and the pillar
bottoms for anchorage. Planar analysis was performed by applying the dead
load reaction force at the top, the deadweight of the pier structures, and
the horizontal seismic forces equivalent to the seismic intensity. The
results of this analysis are collated in Fig. 9. A plastic hinge was
found to form at the beam and the roots of the pillare on both sides, when
the elastic seismic coefficient {kh) became the converted elastic seismic
coefficient Kheq = 0.79.
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{1) Beam failure for Kh = 0.58

!

{2} Pillar root failure for Kh = 0.73
{3) Failure of both pillar roots for Xh = 0.79 {ultimate load)
Fig. 9 Formation of Plastic Hinge and Corresponding Elastic

Seismic Coefficient for P5 in the Direction
Perpendicular to the Bridge Axis

When the beam and pillars are retrofitted separately. it is con-
sidered difficult to retrofit the beam section. For thigs reason a seismic
shear wall was used with a simultaneous retrofit for the beam and pillars.
fig. 10 is a schematic view of the seismic shear wall whose shape was
determined by comparative shear capacity evaluation. In the examination,
the shear capacity (Qu) has to be greater than the acting shear force (S).
The shear capacity is the sum total of the pillars' shear capacity and the
shear capacity of the seismic shear wall. The acting shear force (8) is
multiplied the dead load of the superstructure and the substructure
deadweight by the seismic coefficient. The results were as follows.

Qu = 627 tf > & = UUB rr
To bind the seismic shear wall to the substructure, a 20mm thick
chipping layer was applied and the 19mm dia, anchor rods were inserted
into the structure to achieve an integral structure. Since it is dif-

ficult to cast concrete at the bottom of the beam, non-contracting mortar
was injected instead.
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2207

Fig. 10 Retrofit Example Using a Seismic Shear Wall

Example 3 : Pile Increase

Retrofitting measures on the Kuno Viaduet {Ref. $) took the form of
pile increase at the foundation of abutment Al.

The superstructure of the Kuno Viaduct consists of continuous 2+3+3
steel span non-composite plate girders. Its substructure consists of two
abutments and seven piers, with a total bridge length of 240m. The abut-
ments are an inverted T-shaped construction and the piers have a 609nmm
die, steel-pipe pile foundation. Fig. 11 shows a schematic general view
of the bridge as a whole.

‘ 240.0™
For Nagoya 60.0 . 900 . 900 Fer_Tokyo
| swet plate Girger |

i . A
A A A A A AR A

Ps Ps Py Az

Fig. 11 Schematic General view of the Kuno Visaduct
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The seismic resistance of the foundation of aboutment Al was examined
by calculating its stability by the displacement method and by performing
a dyrnamic analysis using the finite element method. The elastic seismic
coefficient was taken as kh = 0.37. the results of the stability calcula-
tinn are gathered in Table 5. While the axial force is smaller than the
ultimate bearing capacity, the stress for the steel-pipe was 5,100

kg.f/sq. cm, with the stress at the yield point being gy = 2,400 kg.f./sq.
cm.

Table 5 - Results of Stability Calculation

Unit |[Calculated | Allowable Bearing
Value Capacity x Safety
Factor = Ultimate
Bearing Capacity
Axial force PN tf/each 200 130 * 2 = 260
Horizontal force PH tf/each 36 g*2-= 18
Pile head moment Mt tf/each -146 -
Maximum underground moment Mm | tf/each -14g -
Horizontal displacement of nm 83 -
ground surface in design §
Stress for pile os kgf/cm? €,100 Stress at yield
point
osy = 2,400

Seismic response analysis was carried out For the Al abutment and
the soil surrounding it. For the response analysis, the dynamic analysis
program FLUSH - a program using the finite element methed - was employed.
The seismic movements entered as the input data were the seismic waves for
the Hachinohe port (superior for long-term components) and the Kaihoku
bridge (superior for short-term components), the maximum acceleration en-
tered was 370 rul. The results of the response analysis show that the
stress for the pile structure is 8,000 kg.f/sq.cm.

Lateral motion of abutment Al was confirmed from the inspection
results. Investigation by calculating the lateral motion led to the con-
clusion that such motion is possible. For this reason, the decision was
taken to retrofit the abutment A1 foundation to ensure that a major
earthquake can be accommodated. This includes measures toc meet the
lateral movements of abutment Al in the ordinary condition.
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Fig. 12 Example Seismic Retrofit Using Piles Increase
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The retrofit of the foundation was implemented by wayv of pile in-
crease. Fig. 12 outlines the pile increase method in which steel-pipe
sheet piles foundations were laid at both sides of the abutment. The
steel-pipe/sheet piles on either side were joined with concrete beams
positioned in front of the abutment so that it will share the horizontal
force of the abutment. The abutment foundations, including the pile in-
crease, were examined by performing dynamic analysis. The analysis
results indicate that the abutment's stress of the 609mm dia. steel-pipe
pile is 2,300 kg.f/sq.cm. The new and o©old concrete were rendered in-
tegral, using chipping and anchor steel bars.

Example 4 : Coffering by Execution of Steel-Pipe Piles

Coffering is designed to stabilize the backfill scil by using the
steel sheet piles or steel-pipe piles. An example of coffering can be
found at the Enco Bridge (REF. 6).

The superstructure of the Enco Bridge consists of continuous three-
span non-composite plate girders. Its substructure consists of two abut-
ments and two piers. with a total bridge length of 115m. The Al abutment
and the piers have the 609mre dias. steel-pipe piles foundation. The A2

abutment has a spread foundation. Fig. 13 shows a schematic general view
of the bridge as a whole,

4rom [15.0m

For Naqoya[
-

—r

FOr Tokyc
Steel Plate girder I

N
j”i ﬁ?ﬁ ST fﬁqﬁ Az

A i i

P P2

pile leagth 2 - 200~30.0m

Fig. 13 Schematic Genergl view of the Enco Bridge

The seismic resistance of the backfill was examined, using the pro-
cedure shown in Fig. 5. The elastic seismic coefficient for examining the
seismic resistance was taken as kh = 0.21. In the examination, attention
was primarily given to the transverse direction of the road by concentrat-
ing on the backfill at the side of abutment Al, The safety factor for
circular sliding of the backfill soil is as shown in Fig. 14, with a
numerical value under 1.0, the minimum value for the safety factor being
0.8. An elasticity analysis using the finite element methed was performed
on the soil fill in the transverse direction of the road, The results
show that the horizontal displacement of the soil fill shoulder is 130cm.
This led tn the decision to carry out a seismic retrofit to stabilize the
s0il fill at abutment Al
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Fig. 14 Circular Slide Safety Factor

The soil backfill was carried out with a view to achieving a struc-
ture offering a circular slide safety factor of 1.0 or better than 1.0.
The tight-fit steel-pipe piles were driven in near the outer end o¢f the
s0il fill, The pile heads were covered with concrete. The circular slide
safety factor after allowing for the steel-pipe piles were 1.3. Analysis
using the finite element method was carried out and the results indicate
that the horizontal displacement of the soil fill shoulder is 4lcm, thus
clearly demonstrating the improvement achieved by retrofitting.
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Example 5 : Counterweight Fill

Retrofitting measures were carried out on the back fill of the
Nagasaki Viaduct {Ref. 7) in the form of a counterweight fill.

The superstructure of the Nagasaki Viaduct consists of a continuous
eightfold simple PC pretension T beam arrangement. Its substructure is
comprised of two abutments and seven piers over a total bridge length of
100m. The pile foundations have 400mm diameter steel-reinforced (RC) con-
crete piles. The sbutments are of frame construction with a top bedplate.
There are three rows of pillars in the perpendicular direction. The back-
fill forms a footing overspill. A schematic general view of the viaduct
bridge is presented in Fig. 16.

L 00 (80
PC T-type Girder

- [N

Ay P P2 P3 Pa Ps FPe Py A2
pile length 2:z7T0m

Fig. 16 Schematic General View of the Nagasaki Viaduct

The seismic resistance of the backfill was examined, using the pro-
cedure shown in fig. 5. The elastic seismic coefficient for examining the
seismic resistance was taken as kh = 0.23. Examination was conducted on
the backfill at the side of abutment A2 by using the circulsr sliding
method for the direction of the road. The slide safety factor, allowing
only for the elastic seismic coefficient, was 1.35. There is a sand
stratum underneath the bearing stratum of abutment A2, and the examination
results concerning the liquefaction behavior of this formation revealed =
distinct possibility of liquefaction. The effects of liquefaction of this
stratum formation were assessed in terms of the rise in pore water pres-
sure, in other words, in termns of the reduction in effective stress, and
the slide safety Factor was found tc be 0.86, as shown in Fig. 17 (a}.
Since the slide passes through the front end of the piles, it is con-
sidered possible for the bridge to be liable to the risk of overturning.

Retrofitting of the backfill was performed with a view to achieving
a circular slide safety factor in the 1.0. For this purpose, the counter-
weight fill method was employed by making a low fill in front of the back-
fill to increase its resistance. Fig. 18 gives a schematic general view
of the counterweight fill.
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{(a) Nc measures

Fs min =0.862

TP:QO

-100,

(b) Construction of a Counterweight Fill

Fs min=0.280

TP:0.0

Fig. 17 Circular Slide Safety Factor

As shown in Fig. 17 (b), the slide safety factor allowing for the
counterweight fill was approximately 1.0, with a value of 0.98 resulting,
when the rise in pore water pressure is taken into consideration. The
reason why no counterweight fill was made in front of the abutment is be-
cause the area in front of the abutment is used as a road. The height of
the counterweight is roughly 3m.
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Main Materials and (osts

Table 6 presents the main materials used and the costs involved in
the construction work undertaken to implement the above retrofit measures.

Table © Main Materials and Costs

Main Materials

Counter- | Name of Remarks
measures | Bridge '

Conc-| Steel Steel-|Tie-| Soil Costs

rete | Reinforc-| Pipe |Rodsi Fill

ing Bars | Piles Volumei (million

(m®) | (ef) (ef) {(eF)] (m¥) | yen)
RC Torisaka [196 [34.7 - - - Ls For 7
Lining Viaduct piers
RC Shear | Nisiokazu{ 10 2.1 - - - 3 For 2
Wall Viaduct piers
Piles Kuno 27.0 220.8 - - 92 For 1
Increase | Viaduct pier
Coffer- | Enoo - 803.5 [22.6' - 549 In 1
ing Bridge location
Counter- | Nagasaki - - - 1515 - In 2
weight Viaduct location
Fill

CONCLUSION

The Japan Highway Public Corporation has established a record of ten
seismic retrofit construction projects on the bridges located on the Tomei
expressway . This paper presents five of the most typical examples of
these retrofit measures.

Further seismic retrofit measures are planned.
measures are established, however,

These seismic
on a variety of assumptions on which
the calculations are based. These hypotheses include the anticipated
scale of the earthquake, the location of the seismic center, the structure
in the location concerned or its topography and geological formation. 1In
view of this, it is recognized that there are limits to the way in which
the problems can be handled by seismic retrofit measures alone. In this
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context, 1t is therefore felt essential to collect data on restoration
work, conduct disaster prevention exercises, study precedents of past dis-
asters, and establish post-seismic inspection procedures. All of these
efforts should accompany and complement the seismic retrofit measures to
ensure early road restoration in case of disaster.
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SEISMIC INSPECTION AND SEISMIC STRENGTHENING OF REINFORCED CONCRETE
BRIDGE PIERS WITH TERMINATION OF MAIN REINFORCEMENT AT MID-HEIGHT

K. Kawashima (1)
S. Unjoh( 1)
H. llda{m)
Presenting Author : S. Unjch

SUMMARY

This paper presents an experimental study on selsmlc Inspection and
selsmic strengthening methods for relnforced concrete bridge plers which
have termination of the main reinforcement, without enough anchorage
lengths, at mid-height. The effect of the anchorage length of the main
reinforcement was studied through the tests of 15 reinforced concrete pfer
specimens. The effect of the length and thickness of a steel jacket, and the
usce of injected material between the existing concrete and the steel jacket
was also studied for developlng a strengthening method.

INTRODUCTION

During recent earthgquakes including the Miyagi-ken-oki Earthquake of
1978 and the Urakawa-oki Earthquake of 1982,'*= reinforced concrete plers
of highway bridges which have termination of maln reinforcement at
mid-height and short anchorage lengths have suffered serlous damage.
Photos 1 and 2 show the damage to reilnforced concrete plers at this zone.
Because the bending moment developed in the pler subjected to a lateral
force P decreases as the height from the base Increases, the amount of main
reinforcement is generally decreased by terminating a number of bars at
mid-height as shown in Fig.1. For short piers constructed prior to 1980, half
of the relnforcement was terminated at approximately mid-height of the pler
because in the design specifications, it was stipulated that the
reinforcement can be terminated at the point 20 times of a diameter of the
reinforcement higher than the point where the stress of reinforcement
decreases to 50% of the allowable stress, therefore, only this length was
generally provided. Since the damage to relnforced concrete piers at the
anchorage zone results in a dbrittle shear fallure,® ™ such damage should
be prevented.

Through the past experiences of damage to plers, the design
specifications for highway bridges were revised In 1980, {n which,
anchorage length was Increased from 20 times the diameter of the
reinforcement to effective width of thae pler plus 20 times of the dlameter of
the reinforcement. The allowable stress of concrete for shear In the
anchorage zone also reduced by 33%.

(1) Head, Earthquake Engineering Division, Earthquake Disaster
Prevention Department. Public Works Research Institute,
Ministry of Constructlon, Tsukuba Science City, 305, Japan

(1) Researck Engineer, ditto

() Assistant Research Englineer, ditto
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Because a large number of plers were designed according to the
specifications 1Issued prior to 1980, Inspection and strengthening are
requlred for piers with this short anchorage length.

The Minlstry of Construction made selsmic Inspections of highway bridges
throughout the country In 1971, 1976, 1979 and 1986. In the latest Inspection,
approximately 40 thousand bridges were inspected, and about 11 thousand
bridges were found to require seismic strengthening. Although most of these
bridges require Instsllation of devices for preventing falling-off of the
superstructure, some bridges detected require strengthening measures
because of the short anchorage length of the malin reinforcement in the pler.

Therce are several possible ways to strengthen such reinforced concrete
plers. One method may be to place new reinforced concrete section around
the existing section to support the lateral load. However, In this method,
the increcase of the mass of the pler tends to require an increase of the load
resistance of the foundation. To avoid this situation, the pler may be
strengthened by means of a steel jacket wrapped around the exlisting pier
and construction will be simpler than adding new reinforced concrete.

In order to develop a selsmlc Inspection method and seismic
strengthening method for reinforced concrete bridge plers which have high
vulnerability to develop serious damage at the mid-height where the main
reinforcement is terminated during earthquakes, a serles of dynamic loading
tests were conducted at the Public Works Research Institute, partially In
cooperation with the Metropolltan Expressway Public Corporation and the
Hanshin Expressway Public Corporation.

This paper presents some of the preliminary results of the studles of
effect of the anchorage length of the main reinforcement and length of the
stecl jacket required to prevent fallure at the termination polnts,

TEST SPECIMENS AND EXPERIMENTAL SET-UP

Test Specimens
a) Test specimens for evaluating vulnerabllity

In order to evaluate the fallure mode of the relnforced concrete piers
with an Inadequate anchorage length of the maln reinforcement, 7 specimens
with square sections of 50cmx 50cm were constructed as shown In Table L. The
scale of the speclmens is assumed to be about 1/5 of a prototype pler.

Among the 7 specimens, Specimens 1, 2, 3 and 4, which have a shear span
ratioc of 5.4, were constructed with different anchorage lengths of maln
reinforcement as shown In Fig.2. Other characteristics are the same among
the four specimens. Forty deformed reinforcing bars (yleld strength Is 3,000
kgf/cm”) with a dlameter of 13me were placed as main reinforcement sc that
maln reinforcement ratio was 2.03% at the base. Round reinforcing bars (yield
strength is 2,400 kgf/cm“) with a dlameter of 9mm were placed every 25cm as
tie reinforcement. The tle reinforcement ratio was 0.1%.

In Specimen 1, all reinforcement s contlnuous from the base to the top
without termination at mid-height. In Specimen 2, the main reinforcement is
terminated at the point where the stress Induced in the reinforcement
becomes one half of the allowable stress. Therefore, no anchorage length
was provided in specimen 2. On the other hand, Specimens 3 and 4 were
constructed with anchorage lengths of D/2 and D, respectively, {n whi~h D
represents the width (= 50cm) of the pler.
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Specimens 10, 11 and 12 had a shear span ratlo of 9.9. Although reinforced
concrete plers with such proportions are rarely adopted, the test was made
to study the mode of failure under the condition that the bending moment
will be more predominant than shear force In design. The layout of the maln
and tie reinforcement were the same as Specimens 1. 2, 3 and 4. Anchorage
lengths were 0, D/2 and D for Specimens 10, 11 and 12, respectively, as shown
In Fig.3.

b} Test specimens for verifying strengthening method

To study the effect of the stee]l jacket, § specimens were tested as shown
In Table 2. Specimens from 13 to 17 had a square section of 50cmx 50cm, and a
shear span ratio of 5.6 as shown in Fig.4. Forty six deformed reinforcing
bars (yield strength is 3,000 kgf/cm’), each with a diameter of 10mm were
placed as main reinforcement. The main reinforcement ratio was 1.31% at the
base. Round reinforcing bars (yleld strength Is 2,400 kgf/cm™) with a
diameter of 6mm were placed every 25cm as tle reinforcement. The tle
reinforcement ratio was ¢.05%. The effectiveness of a Imm thick steel jacket
with the length of 1D was studled in Specimens 13 and 14. The steel jacket
was placed centrally about the termination point so that it covered the
region of D/2 above and below this point. Twc types of material were
Iinjected between the steel jacket and the surface of existing concrete piers
te Investigate their behaviour. They were nonshrinking concrete mortar
(Specimen 13) and cpoxy resin (Specimen 14). Because the length of a steel
jacket of 1D was not enough to prevent the fallure at the termination point,
ft was elongated to 1.5D for Specimen 15 (concrete mortar) and Specimen 18
(epoxy resin) as will be described later. The steel jacket was placed over
the region D above and D/2 below the termination polnt, respectively. To
study effect of the thickness of steel Jacketing, a 0.6mm thlck steel jacket
was used on Specimen 17. In which the epoxy resin was adopted for injection.

Specimens 18, 19 and 20 had wall type construction with sectlon
dimensions of 40cmx 160cm as shown in Fig.5. Sixty four deformed reinforcing
bars (yleld strength is 3,000 kgf/cm®) with a dlameter of 10mm were placed as
the main reinforcement. The maln reinforcement ratio was 0.76% at the base.
Round relnforcing bars (yleld strength is 2,400 kgf/ce®) with a dlameter of
6mm were placed every 20cm. The tle relnforcement ratio is 0.08%. No
strengthening was performed on Specimen 18 which had no anchorage length
of the main reinforcement. Specimens 19 and 20 were strengthened by steel
Jackets with lengths of 1.5D and 2D, respectively, In which D represents the
width of the shorter side of the section. Concrete mortar was injected into
both specimens.

Loading Conditions

All specimens were laterally loaded at the top and were subjected to
axial loading as shown in Flg.8. An electro-hydraulic dynamic actuator and
statlc jack were used for the loading.

The specimens were subjected to a reversed cyclic lateral loading
history under displacement control as shown in Flg.7.'"*'? The load was
fncrementally increased in about 10 steps up to the ylelding of the maln
reinforcement at the base. The displacement developed at the pler crest,
where the main reinforcement yielded at the base Is deflned hereafter as the
vleld displacement &8 o, and It Is used as a reference value to specify the
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loading displacement applied to the specimens.

Extensive electric instrumentation was used to measure and record the
basic deformation parameters such as the straln In the main and tie
reinforcement as well as the displacement and acceleration at the loading
point.

YULNERABILITY OF REINFORCED CONCRETE PIERS
WITH INADEQUATE ANCHORAGE LENGTH

Effect of Anchoring Length

a} Specimen with shear span ratio of 5.4

Fig.8 shows the effect of the anchorage length in the tests of Specimens
1, 2, 3 and 4, which had square cross sections of 50cmx 50cm and a shear span
ratio of 5.4.

Fig.8(a) shows the fallure mode of the specimens. In Specimen 1, I{n which
main reinforcement was continuous from the bottom to the top without
termination, flexural cracks were firstly developed at the base. As the
loading Increased. the cracks progressed and spalling-off of the cover
concrete developed. The specimen finally failed in flexure at the base.

In Specimen 2, which had zerc anchorage length, flexural cracks were
firstly developed at the termination point. The flexural cracks progressed
and the specimen finally falled In shear at the termination point.

In Specimen 3, which had an anchorage length of D/2, flexural cracks
were developed at both the termination point and at the base of the pier, As
the lcoading Increased, the cracks at the base progressed significantly, and
the specimen flnally falled in flexure at the base.

In Specimen 4, which had an anchorage length of D, the fallure mode was
almost same with that of Specimen 1. The anchorage length of D was
considered to be sufficlent to prevent failure at the termination point.

Based on the test results of Specimens 1, 2, 3 and 4, the position where
the cracks occurred was seen to give a Indication of the position where
failure would eventually occur.

Fig.8(b} compares the strain Induced in the maln reinforcement of the
specimens. It should be noted that the accuracy of strain measurement over
about 3,000 z was poor due to the limited capability and damage of straln
gauges.

Larger stralns were developed at the base In Specimens 1 and 4 while a
strain as large as that at the base was developed at the termination point In
Specimens 2 and 3 and the strain at the termination point was larger In
Specimen 2 than In Specimen 3. This corresponds to the difference of the
fallure mode observed In these specimens.

Fig.8(c) shows the envelope of load-displacement hysteresis loops and
equivalent hysteresis damping ratlo. It Is obvious that the lateral load
resi:+ ance of Specimen 2, which fajiled at the termination point, Iis
considerably smaller than that of other specimens. The equivalent damping
ratio did not seem to be affected directly by the failure mode.

b) Specimens with shear span ratlo of 9.9

Fig.9 shows the effect of the anchorage length on Specimens 10, 11 and
12, which had the same square cross section (50cm x 50cm) and a shear span
ratio of 9.9.
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FIg.9(a) shows the fallure mode of the specimens. In Specimen 10, in which
no anchorage length was provided, flexural cracks were firstly developed at
the termination point. As the loading Increased, the cracks progressed and
spalling-off of the cover concrete developed. Although rupture of the main
reinforcement did not occur, the load resistance of the pler suddenly
decreased [n the First cycle to 56 o In plus direction, therefore testing was
terminated to protect the loading equipment. The specimen finally falled In
shear.

In Specimen 11, which had an anchorage length of D/Z, flexural cracks
were developed at the termination point as well as at the base as shown in
Fig.10. Slightly greater shear cracks were also Initlated at the termination
point during the cycles to 248 -. However, significant flexural cracks and
spalling-off of the cover concretie developed after the cycles to 346 and
the specimen finally falled at the base. Tenslile rupture of five reinforcing
bars occurred at the base during the 66 o loading.

In Specimen 12, which had an anchorage length of D, the flexural cracks
were developed at the base and a few cracks were observed at the
termination point. The specimen finally falled in flexural at the base.

Flg.%b) compares the strain induced In the malin reinforcement of these
speeimens. The strain at the termination polnt and at the base reached the
yleld strain (},800 ¢ } during the 16 o loading In all specimens. As the
loading displacement increased, the strain substantially increased at these
two points. In Specimen 12, which falled in flexure at the base, the strain at
the termination point almost reached the yielding strain even durilng the 1
6 -~ loading. Although the difference in the strain distributlons of the
specimens was small up to the 46 - loading cycles it {s thought that the
difference In the stralns of the spec!mens would {ncrease after this value.

Flg.9{(c) shows the envelope of the load-displacement hysteresls loops
and the equivalent hysteresis damping ratio. Noticeable differences in the
envelope are not observed up to the 45 0 loading where a sudden decrease of
the load occurred in the specimen 10. This corresponded to the failure at
the termination point as was described above. Because the fallure occurred
on the first loading to + 58 o, the effect of failure was not observed in the
equivalent damping ratio.

SEISMIC STRENGTHENING BY MEANS OF A STEEL JACKET

Reinforced Concrecte Pler with Square Section

Fig.11 shows the effect of the steel jacket strengthenlng method on
Spccimens 13, 14, 15, 16 and 17. The length of the steel jacket was the maln
interest in these tests.

Fig.11(a) shows the fallure mode of the specimens. In Specimens 13 (mortar
injection) and Specimen 14 (epoxy resin), which were strengthened with 1D
long steel jackets, flexural cracks were developed at the base. As the
loading Increased, the cracks progressed, and the specimens finally falled in
flexure at the base. Fig.11(b){1) and (2) compare the strain induced in the
main reinforcement In Speclmens 13 and 14. Although the strain in the region
covered by the steel Jacket was small, the strain at the upper end of the
steel Jacket rcached the ylelding strain during the 13 o loading cycles. It
became grcater than the ylelding straln with Increasing loading
displacement. Fig.12 compares the deformation, in the vertical direction,
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induced In the steel jacket. The strain was only about 1004 (Specimen 13) ~
200 ¢ (Specimen 14) even during 36 - loading. As will be discussed later, the
strain Induced in Specimen 14 was slightly larger than that iInduced in
Specimen 13. (This shows the dlfference of contact between the steel jacket
and the concrete surface), After the 74 -~ loading cycles, the steel jacket
was taken out to inspect the damage at the termination point. Although a
single moderate crack was developed as shown In Photo 3 and 4, progress of
the fallurc at the termination point was prevented by the steel jacket. Only
minor cracking occurred at the upper end of the jacket. Based on the test
results, it was considered that the length of 1D was insufficient to prevent
failure at the termination polnt.

Spcceimen 15 (mortar injection) and Specimen 16 (epoxy resin) were
strengthened by a 1.5D long steel Jacket and were then tested,

In Specimen 15, flexural cracks were developed at the base. However, as
the loading Increased, shear cracke were developed at the lower end of the
steel jacket and the speeimen finally falled in shear at this zone as shown
In Fig.11{a)}{3). The concrcte mortar between the concrete surface and the
steel jacket was crushed and the steel jacket deformed as shown in Photo 5.
Fig.11{b}(3) shows the strain Induced in main reinforcement. During the 368 »
loading cycles, It exceeded the 3i~1d strain. The strain was slightly larger
at the lower end of the Jacket. The tle reinforcement yiclded during the 35 .
loading cycles and the concretie mortar was crushed and outward buckling of
steel jacket occurred. Fig.13(1) shows the defermation, in the vertical
direction, Induced in the steel jacket. The strain takes the maximum valuc at
the center of the jJacket. The straln was about 12006, which is much larger
than that Induced In Specimen 13 which had a jacket length of 1D. It means
that the steel jacket with length of 1.5D worked much effectively than the
steel Jacket with length of 1D. It should be noted that effect of the outward
buckling of the steel jacket which was described above cannot be clearly
scen In Fig.13 because it shows the straln of steel jacket In vertical
direction.

On the other hand, In Specimen 16, flexural cracks were developed at the
base, where the specimen finally failed In flexure as shown in Photo 6. This
clearly showed the difference of the injection material between the concrete
surface and the stecl jacket. Epoxy resin was better than the concrete
mortar In this test because separation of the steel jacket from the concrete
surface did not occur developed In the epoxy injJected specimen. However,
the effectiveness of such Injected materfals has to be ¢valuated from other
viewpoints such as durabllity for long-term use. As shown in Fig.11{(b)(4), the
strain induced in the maln reinforcement was slightly smaller than that in
Specimen 15. Deformation of the steel Jacket In the vertical direction is
almost the same as that of Speclmen 15 as shown In Flg.13(2).

In Speceimen 17, In which a thinner steel plate (t=0.6mm) was used. The
fallure mode was almost the same as that developed in Specimen 15 (t=1mm).
The crushing of the steel occurred at the lower end of the jacket, and the
bond effect of cpoxy resin were cut off durlng 44 o loading cycles. The
deformation of the jacket were of the same order as that developed iIn
Specimen 15. The strain induced In the main reinforcement and strain of the
stecl jacket In vertical direction were larger than those of Specimen 16 as
shown In Fig.11(b}{5) and Fig.13(3). This clearly shows the effect of the
differcent thicknesses of the steel jacket.
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Reinforced Concrete Picrs w'th Wall Type Section

Fig.14 st.ows the effect of the steel Jacket strengthening method on
Specimens 18, 19 and 20.

Fig.14(a) shows the fallure mode of the specimens. In Specimen 18, which
was not strengthened by the steel jacket, flexural cracks were developed
both at the termination point and at the base. As the loading Increased, the
cracks significantly progressed at the termination polnt until the specimen
finally falled at this zone.

In Specimen 19, which was strengthened by a 1.5D long steel jacket,
cracks progressed at the base where the specimen finally falled in flexure.
when the steel jacket was removed from the concrete pler after the 7468 o
loading cycles. a horlizontal crack was found at the termination point.

In Specimen 20 which was strengthened by a 2D long steel Jacket, the
fallure mode was almost Identical with that of Specimen 19. However, no crack
was cobserved at the termlnation polnt when the jacket was removed after the
7& o loading cycles.

Fig.14(b) compares the strain Induced In the maln reinforcement of
Specimens 19 and 20. Although. the strain induced in the main reinforcement
at the strengthened reglon was less than 100 up to 36 5 loading [n
Specimen 19, the straln suddenly increased and exceeded the ylelding straln
at the termination polnt during the 448 o loading cycles. On the other hand,
the strain Induced {n the main reinforcementi at the strengthened zone was
small even during large discliacements in Specimen 20. Therefore, 2D may be
required as a length of the steel jacket In order for the termination point
to have no effect. Fig.15 compares the strain Induced In the steel jacket, in
the vertical direction, it Is very small, and takes a value of only 200u even
during the cycles to 36 o and ylelding of tle reinforcement was not
deveioped In Specimens 19 and 20. ]

Flg.14{c) shows the envelope of the load-displacement hysteresis lnops
and the equivalent damping ratlo. The load resistance of Specimen 18
suddenly decreased during the 546 - loading cycles. The lcad resistance of
Specimens 19 and 20 Increased by about 10X than that of Specimen 18 when the
steel jacket was used. The difference In the load resistance of Specimens 19
and 20 was insignificant. The equivalent damping ratio of Specimen 20 during
the 56 o and 66 - loading cycles was smaller that of Specimen 21 because the
number of maln reinforcing bars ruptured at the base was greater than
Specimen 20.

EVALUATION OF VULNERABILITY

Based on the tests described above, it may be important to estimate the
strength of reinforced concrete plers at the termination polnt In relatlon
to the strength at the base., If the strength at the termination point is
smaller than that at the base, shear fallure, which results in extensive
damage In a brittle manner, is likely to occur.

To evaluate the strength of plers, the load resistance Is defined as
shown in Fig.18 In terms of the bending moment as

S = S§T/8E (1)
§T = MT/MT (2)
s” = M, f/MP (3)



where
S : fallure mode factor

ST and SF : a factor representing the strength at the termination
point and at base, respectively

M and M® : bend!ng moment developed at the termination point
and base, respectively when the pler is subjected to a
lateral force at top

M. and M.f : yielding bending moment at termination point and at

base, respectlvely,

In Eqs.(2) and (3), the yielding bending moment Is defined as the bending
moment at which the reinforcement begins to yleld. S* and S$® defined In
Eqs.{2) and (3) determine the likelihood of ylelding at the termination point
and base, respectively. If M- Is defined to be the bending moment developed
at the termination polnt when M. % equals to M., Fq.{1) can be written as

S = M.T/MsT {4)

Filg.17 shows how the failure mode factor varies along pler in the
Specimens 1 and 3. Specimen 1 falled at the termination point while the
specimen & falled at the base. The fallure mode factor S at the termination
point takes 0.92 and 1.1 in Specimen 1 and Specimen 3, respectively. Although
the difference Is not necessarily so large, it may be said that the fallure
mode factor may be used to identify the fallure mode.

Flg.18 shows the failure mode factors at the termination point for all
specimens which have termination of maln reinforcement at mid-height.
Faflure Is likely to be developed at the terminatiocn point when the fajiure
mode factor is less than 1.1 although there are some scatters. On the other
hand, flexural fallure at the base tends to be developed when the failure
mode factor is larger than or equal to 1.1.

Fig.19 shows the distribution of the fallure mode factor for Specimen 13
which was strengthened by the steel jacket. For computing the fallure mode
factor by Eq.(1), it was assumed ihat no separation is developed between the
concrete surface and the steel jJacket, and that the steel jacket behaves as
main reinforcement. The Increase of contrete strength and ductility by
Increasing the confining pressure by means of the steel Jjacket was
disregarded In the calculations.

Fig.20 shows the fatlure mode factor for all specimens strengthened. The
minimum value of the fallure mode factors at the upper end and lower end of
the steel jacket as well as at the termination point Is presented in Flg.20.
All specimens strengthened falled at the base although two specimens
{(Specimens 15 and 17) suffered cutward deformation of the steel jacket and
shear fallure occurred at the lower end of the jacketed zone. If such
fallure can be regarded as minor, it may be sald fallure at the termination
zone was prevented when the fallure mode factor was larger than 1.1.
However, because the number of data {s inadequate, this needs further study.
Special attention should be pald to study the difference of iInjection
material.

CONCLUDING REMARKS

For the evaluating seismic vulnerabllity of reinforced concrete bridge
plers which have termination of main reinforcement and inadequate anchorage
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length and for evaluating effectiveness of repalr by using steel jackets, a
series of dynamic loading tests were made on specimens with square and wall
type sectlons. Based on the test results presented herein, the following
conclusions are made:

1) For preventing shear fallure at the termination point, the anchoragc
length should be longer than 1D, where D Is the width of the cross scction.

2) Whether shear fallure at the termination polnt Is developed or not may be
evaluated by the failure mode factor § defined by Eq. (1). If Lthe failure mode
factor S Is smaller than 1.1, shear fallure is llkely to be developed at the
termination point. When the fallure mode factor S is larger than or equa) to
1.1, flexural rallure at the base tends to be developed.

3) Steel jackets can be used to strengthen plers vulnerable to shear fallure
at the termination point. The minimum length of the steel jacket may he from
1.5 to 2.0 times the pier width D.

4) Fpouxy resin secems better than concrete mortar as an injection material,
because separation of steel Jacket from concrete surface Is more restricted.
However effectiveness of the epoxy resln should be examined from other
aspects Including durabllity for long-term use. Use of steel bars to anchor
the steel Jacket as well as the concrete mortar may be an alternative
approach to be studied.

5) For cvaluating the effectiveness of steel Jackets, the fallure mode factor
S by Fq.(1) may be used. Although further study Is required, It may be
tentatively sald that fallure at the termination point is prevented If the
fallure mode factor Is larger than 1.1.

REFERENCES

1) Public Works Research Institute, "Report on the Disaster Caused by the
Mivagl-ken-oki Farthquake of 1978," Vol.159, March 1983 (In Japanese)

2) Narita, N., Murakami, M. and Asanuma, H., 'Report of the Investigation on
Farthquake Damage to Sizunal Bridge.™ 15th Joint Meeting, U.S.-Japan Panel
on Wind and Selsmic Effects, U.J.N.R., Tsukuba, Japan, 1983

3) Yamamoto, T., Ishibashi, T., Ohtsubo, M. and Kobayashi, S., "Experimental
Study on Selsmic Capacity of Bridge Plers with Termination of Longitudinal
Reinforcement,” Proc. of JSCE, Vol.348/V -1, Aug., 1984

4) Iwasaki, T., Kawashima, K., Haglwara, R., Hasegawa, K., Koyama. T. and
Yoshida, T., "Experimental Investigation on Hysteretic Behaviour of
Reinforced Concrete Bridge Pler Columns,”™ 17th Jolnt Meeting. U.s.-Japan
Panel on Wind and Selsmic Effects, U.J.N.R., Tsukuba, Japan, May, 1985

5) Ozaka, Y., Suzukli., M. and Kobayashi, S., "Investigation on the Effect of
Termination of Longlitudinal Reinforcement on Shear Strength of RC Beam,”
Proc. of JSCE, Vol.366/V -4, Feb.. 1986

6) Ozaka, Y., Suzuki, M., Miyamoto, M. and Kobayashl, S., "Evaluation of Shear
Strength of RC Beam with Termination of Longitudinal Reinforcement,”™ Proc.
of JSCE, Vo01.378/V -1, Feb., 1987

7) Japan Road Assoclation. "Specifications for Highway Bridges in Japan”,
May, 1980

8) Kawashima, K. and Unjoh, $S., "An Inspection Method of Seismic
Yulnerabllity of Existing Highway Bridges,” Proc. of JSCE, No.416/1-13, April
1990

9) Japan Road Assoclatlon, "Manual for Seismic Countermecasure Methods for
Roads agalnst Earthquakes, " March 1988

- 259



10) Kawashima, K., Unjoh, S. and lida, H, “Selsmic Inspection and
Strengthening Methods for Rzinforced Concrete Plers with Tormination of
Main Reinforcement at Mid-height,” Technical Note of PWRI, Public Works
Research Institute, Nov. 1990

11) Kawashima, K. and Koyama, Y., "Effect of Number of Loading Cycles on
Dynamic Characteristics of Relnforced Concrete Bridge Pler Column,” Proc. of
JSCE, No0.392/1-9, Apr. 1988

12) Kawashima, K. and Koyama, T., "Effects of Cyclic Loading Hysteresis on
Dynamic Behavior of Relnforced Concrete Bridge Plers,” Proc. of JSCE,
No.398/1-1C, Oct. 1988

—260—



IS -

. ‘ P —
PE - .
S, ,“".v“" ‘9*,~ - -

" .

e : g Poa S m L
| R L TR "

I'hoto | Pier Dimage of the Sendai Bridge during
the Mivagi ken okl Farthquake of 1978

’holo 2 'ier Damage of the Sizunai liridge during
the Urakawa-oki EarthqQuake of 1982

'



[}
;J*ﬁﬂ{ﬁ wa“ﬁﬁg

. Eoiia (O 5 4
\ka
Photo 3 Crack along the Teraination Poinl of Specimen 13 ’hoto 4 Crack along the Termlnatlon Polnt of Speclmen 14
Strengthened by a 1D Long Steel Jacket with Strengthened by a 1D Long Steel Jacket with
Concrcte H(')rtar Fpoxy Resin

— e —

Pholo 6 Effcet of a Steel Jacket for Sirengthening Reinforced
Photo 5 Deformed Stcel Jacket and Crushing of Concrete Square Pler with Shear Span Ratlo of 5.6

the Injected Concrele Mortal In Specimen 15 (Specimen 16)



—£92—

Table 1 Test Specimens for Evaluating Vulnerabllity

Specimen No. S -1 i s -2 5-3 S — 4 S-10 S-11 S-12
Cross Section [ca) 50 % 50
A
Covering Depth of Concrete [ca] 3.5
Effective Helght [ca) 250 460
Shear-Span Ratlo 5.4 9.9
Material and Diameter [mm) SD30, D13
Termination Point of Main Without { 110 135 160 180 203 230
Longltudinal | Relnforcement from Base [cm) | Termination |
Reinforeing
Bar (Deformed | Ratic of Reinforcement (%) 2.03
Bar) (after Termination [%]) (1.02)
Yield Strength [kgf/ca®] 3144 3.525
Material and Diameter [mm] SR24. ¢ ¢
Hoop Tle Ratio of Reinforcement (%] 0.10
Yield Strength {kgf/can®] 2,776 2,910
| Material Portland
Cement
Concrete Max Grain Size of Aggregate 10
[mm]
Uni-Axial Strength [kgf/cm?) 327 332 325 429 429 409 390
Direction of Loading 1-direction
Velocity of Loading [cm/sec] 5 10
Lateral
Force Number of Loading for Each 10
Specific Displacement
Loading Displacement [cam] i.3 4.25
Axial Force ([tf] 4.11 25
Axlal Force
Axial Stress [kef/cn’] 1.64 10
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Table 2 Test Specimens for Verifying Strengthening Method

Specimen No. §-13 S$=-14 ! S-15 S-16 | $-17 ' S$~18 $-19 i 8~-20
Cross Section {ca] 50x 50 40x 160
Covering Depth of Concrete (ca] 3.5
Effectlve Helght [ca] 2680
Shear-Span Ratlo 5.6 7.1
Material and Diameter [am] SD3aon, DIO
Termination Polnt of Maln 90 80
Longitudinal |Reinforcement from Base [cm]
Reinforcing
Bar {Deformed | Ratlo of Reinforcement [%] 1.31 ! 0.78
Bar) {after Terminatlon [X]) (0.63) : (D.38)
Yield Strength (ket/cn”) 3,640 a1 | 3e0 | aas | 3,740
Material and Diameter [mm] SR24, ¢ 86
Hoop Tle Ratlo of Reloforcement (%] 0.05 | 0.08
Yield Streagth (kgf/cn?) 2,501 I 4428 1 2500 ! 4428 3,637
Material Portland
Cement
Concrete Max Grain Size of Atcrec{ate] 10
[ "]
Uni-Axial Strength (kef/cm?) a2 W a0 T | 360 336 426
Direction of Loading 1-direction
Velocity of Loading {cm/sec] 5
Lateral
Force Nuaber of Loading for Each 10
Specific Displacement
Loading Displacement (cm) 1.5 ! 1.7
Axlzl Force [tf) 28.8 ! 84
Axial Force S
Axial Stress (kgf/cm”] 11.52 | 10
Material SPCC SPCC sPce SPCC L' spcc J - ,  SPCC SPCC
{width [em)], Thickness (am)) b, 1} anp (1.5D, 1) (L.5D, 1) | (1.5D. 0.6} | | (1,5D, 1) (2D, 1)
Steel Jacket .
Injection Material Concrete Epoxy Resin | Concrete Epoxy Resin : Epoxy Resin - Concrete Concrete
and Thickness (mml Mortar 20 3 Mortar 20 3 ; 3 Mortar 20 |Mortar 20

Note) SPCC represents "Cold Rolled Steel Sheet”.
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SEISMIC STREKGTHENING OF REINFORCED CONCRETE PIERS
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SUMMARY

This paper presents a method of Iinspecting, designing, and
strengthenlng the reinforced concrete (R/C) bridge piers which are judged
to have 1nadequate strength against earthquake. On the Metropolitan
Expressway [Route No. 8, 36 R/C bridge plers were selected for
strengthening. 9 piers were already jacketed with steel plate and epoxy
resin based on the result of experiments. The thickness of the plate was
determined to be & mm, assuming the plate would function completely
together with reinforcement during earthquake. Aesthetlic consideration was
given to the design of anchors, color, and range of jacketing plate.

INTRODUCTION

In Japan, two big earthquakes {(Miyagl-ken-oki earthquake in 1978 and
Urakawa-oki earthquake In 1983) damaged many structures such as bridges and
s$O on. As a result, in April 19868, Ministry of Construction ordered the
following three types of inspection based on the notice titled "Regarding
the Inspection of Existing Facilities for Seismic Safety”. They are; (1)
The First Level Inspection Concerning Superstructures, (2} The Second
Level Inspection Concerning Sofl Conditions, and (3] The Third Level
Inspection Concerning Bridge Piers. The third level Inspection 1is to
check the safety of existing bridge piers in case of earthquake. The
necessity of the third level inspection -omes from a possibility that
existing R/C bridge piers might lead to ductile shear fallure due tc the
reduction in shear resistance caused by bending failure. Thus, the lack of
the development length of main reinforcement tends to cause shear fallure
at mid-height of R/C bridge pler where part cof main reinforcement 1is
terminated. The failure 1s expected to take place when designed using the
previous design code.

In 1980, T"Specifications for Highway Bridges (Substructures)” was
revised and the following articles concerning the above were changed. (1)
The allowable shear stress of concrete was reduced (Article 3.2.2). (2)
The position where part of main reinforcement was terminated at wmid-height
of R/C bridge pler was located at the effective height of member higher
than before (Article 4.2.8).

(I) Head, Design & Research Division, Engineering Department, The
Metropolitan Expressway Public Corporation, Tokyo 100, Japan

(11} Head, Maintenance Engineering Division, Maintenance & Facilities
Department, The Metropolitan Expressway Public Corporation, Tokyo
100, Japan

{111} Senlor Engineer, Design Divislon, Tokyo Maintenance Department, The
Metropolitan Expressway Public Corporation, Tokyo 106, Japan



Consequently, The Metropolitan Expressway Public Corporation declded
to check the safety of exlsting R/C bridge piers In case of earthquake.
First, 1{in 1986, the third level inspection was carried ocut concerning the
existing R/C bridge piers and rough selection was made of the existing R/C
bridge plers which met the followlng design conditlions; (1) The forth type
soll condition, (The Metropolitan Expressway Route No. 6, 7. and Y shown in
Fig. 1. (2} Independent pler with round or rectangular cross sectlon, (3) 2
< h/D < 6, where h/D: Shear span ratio, h: Height of bridge pler column,
and b: Diameter of bridge pler column, and (4) (1) > 36 {t/m*) or Sf < 1.2,
where {:): Applied shear stress at mid-helght of R/C bridge pier where part
of wmain reinforcement is teralnated (t1/m?) and Sf: Safety factor to yjield
strength at mid-helght of R/C bridge pler wherce part of maln relnforcemcnt
is terminated.

EXPERIMENTS ON STRENGTHENING METHODS

The result of the third level Inspection for checking the strength of
the R/C bridge plers Indicated that 36 bridge pliers did not have enough
strength. It became nccessary to develop strengthening method and to
strengthen the bridge plers immediately. Consequently, in 1987, Publlc
Works Research Institute of Ministry of Construction. The Metropolitan
Expressway Public Corporation, and The Hanshin Expressway Public
Corporatlon performed model experiments as jolnt research to establish a
guideline for sefsmic judgment. They were also aimed at affirming the
effect of strengthening with steel jacketing. The experiments were divided
into three parts and performed by each organization as follows; (1} Public
Works Research Institute of Ministry of Construction performed the
experiment on selsmic judgment of R/C bridge plers at mid-height where part
of main reinforcement is terminated, (2) The Metropolitan Expressway Public
Corporation on the effect of strengthening R/C hollow bridge pler with
round cross section, and (3} The Hanshin Expressway Public Corporation on
the effect of strengthening R/C bridge pler with rectangular cross section.

The Metropolitan Expressway Public Corporation performed the
experiment on the effect of strengthening R/C hollow bridge piers with
round cross section using four types of specimens. In the experiment,
steel Jacketling method was adopted for strengithenlng, and dynamic locading
tests were carried out using four different specimens. Attention was pald
to the effect of the steel jacketing width and the grouting between steel
jacketing and R/C bridge pler. The four specimens used in the experiment
were as follows; {1) The specimen without strengthening, (2) The specimen
with steel jacketing width of 1.0D and with epoxy resin grouting, (3) The
specimen with steel jJacketing width of 1.5D and with epoxy resin grouting,
and {4) The specimen with steel jacketing width of 1.5D and without epoxy
resin grouting, where D: Diameter of R/C bridge pler. The steel plate was
Jacketed 0.5D downwards, and 0.5D or 1.0D upwards from at mid-helight of R/C
bridge pier where part of main reinforcement was terminated.

The result of the experimunts was summarized as follows; (1) Only when
Jacketed with the steel width of 1.5D with epoxy resin groucing, the
specimen showed bendIng failure at the bottom of the pler, and showed no
Indication of failure at mid-height, (2) When jacketed with the steel width
of 1.5D without epoxy rc¢ In grouting, the specimen showed fallure at mid-
hefght after the buckiing of steel jacketing plate, and (3) The steel
Jacketing wmethod could increase the ultimate strength of R/C bridge plers
by  approximately 30%. In addition, The Hanshin Expressway Public
Corporation performed the same type of experiment using specimens with
rectangular cross section and obtained almost the same results.
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THE THIRD LEVEL SEISMIC INSPECTION

In 1988, The Metropolitan Expressway Public Corporation performed the
detailed third level inspection agaln concerning 156 R/C bridge plers on
the Metropolitan Expressway Route No. 6 using the design drawings and
documents. Consequently, 36 R/C brildge plers were sclected for
strengthening, which consist of 16 round solid plers, 9 round hollow piers,
and 11 rectangular solid plers. The detailed design of strengthening was
made. Fig. 2 shows the procedures for the third level inspectlon. Table 1
shows the selected R/C bridge plers for strengthening.

Deslgn Conditions

The design conditions and checking method for each item are; (1}
Horlzontal selsmaic design forces are kh=0.26 lor bridge pler shorter than
15.0m and Khm=(.}xkh=1,25x0.26=0.33 for bridge pliers higher than 15.0m, (2)
Speclfied concrete compresslive strength is 270kg/cm® or 300kg/cm®. (3)
Yield strength and Modules of Elasticity of reinforcing bar are 3,000kg/cm®
and 2.1x10%kg/cm®, respectively.

Check for Yielding Safetly Factor

The ylelding safety factor at mid-helght of R/C bridge pler where part
of main relnforcement was terminated was checked based on the following
equation; Sf=MRn/Mcn 1.2 where MRn: Yield bending moment at mid-height of
R/C bridee pier where part of main reinforcement is terminated and Mcn:
applied bending moment at mid-height of R/C bridge pler where part of main
reinforcement is terminated.

The yleld bending moment MRn was calculated assuming that the strain
of reinforcing bar (1) Is (:}s/Es and four forces (Applied axial force N
and 1induced compresslion and tenslon forces at the R/C cross section) are
balanced (Flg. 3). The stresses of concrete and reinforcing bar are
obtained from the relationship between stress anu strain (Fig. 4). Fig. 5
shows the relationship between the amount of reinforcement and yleld moment
for a R/C bridge pier with a round cross section with the diameter of 3.0m
when an axial force of 900 ton 1s applied.

Checking for Average Shear Stress

‘IThe average shear stress at mid-height of R/C bridge pier where part
of maln reinforcement was terminated was checked using the following
equation; (:)m=Scn/Ac<(1)'al, where Scn: applied shear force at mid-height
of R/C bridge pier where part of main reinforcement is terminated {(kg), and
Ac: Cross sectlional arca at mid-height of R/C bridge pier where part of
maln reinforcement {s terminated {cm®).

In addition, the allowable shear stress of concrete (1 )'al Is
calculated using the following equation; (i)'al=(.)(1)al, where (.) Is a
multiplier due to axial compression force and obtained from the following
equation; («}=1+M0o/2M<2.0, where M: Applied bending moment at mid-hefght of
R/C bridge pler where part of main relaforcement is terminated and Mo: the
bending moment which makes stress at the extreme tensfon fiber equal to 0.0
together with axial force, obtained from the following equation:
Mo=N/AcxIc/y, where N: Axlal compressive force at mid-helght of R/C bridge
pier where part of wmaln reinforcement is terminated (kg). Ac: Cross
sectional area at mid-height of R/C bridge pler where part of main
reinforcement is terminated (cm?), Ic: Moment of inertia about centroid
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{On the Metropolitan Expressway Route No. €}

No.| Pier [Pler Type|H(Column} D H/D Original Strengthened(2)
No. (1) (m) (m) 7 T ar -
1 167 ROSC 14.023 3.0 | 4.7 1.17 | OK 1.40 -
2 186 ROSC 11.366 3.2 3.6 1.00 OK 1.46 -
3 289 ROHC 7.685 3.0 2.6 0K 5.26 - Stirup
4 290 ROHC 8.251 3.0 ] 2.8 0K 5.76 - Stirup
5 291 ROHC 10.363 2.5 {4.1 0K 4.69 - Stirup
6 292 KOHC 10.702 3.0 3.6 1.16 6.34 1.68 Stirup
7 293 ROHC 10.702 3.0 { 3.8 1.16 | 6.34] 1.68 | Stirup
8 294 ROHC 10.872 2.5 {4.3 1.14 | 5.63] 1.62 | Stirup
9 235 ROHC 11.381 2.5 1 4.6 0K 5.33 - Stirup
10 296 ROHC 11.381 2.5 | 4.6 0K 5.33 - Stirup
11 297 ROHC 11.381 2.6 1 4.6 0K 5.33 - Stirup
12 298 ROHC 9.951 3.0 | 3.3 0K 4.92 - Stirup
13 300 ROSC 10.100 3.0 [ 3.4 0K 4.50 - Stirup
14 301 ROSC 10.100 3.0 | 2.4 0K 4.50 - Stirup
15 302 ROSC 10.100 3.0 | 3.4 0K 4.50 - Stirup
16 303 ROSC 12.500 3.0 [ 4.2 0K 4.55 - Stirup
17 304 ROSC 10.800 3.0 | 3.6 0K 4.55 - Stirup
18 305 ROSC 13.500 3.0 | 4.5 1.00 | 0K 1.42 -
19 306 ROSC 12.800 3.0 4.3 1.08 0K 1.40 -
20 307 ROSC 12.400 3.0 | 4.1 1.10 | 0K 1.45 -
21 308 ROSC 11.500 3.0 [ 3.8 1.12 | 0K 1.62 -
22 311 ROSC 10.300 3.5 1 2.9 1.10 | 0K 1.46 -
23 312 ROSC 10.100 3.0 |1 3.4 1.16 | OK 1.50 -
24 313 ROSC 9.600 3.0 { 3.2 1.10 | 0K 1.45 -
25 315 ROSC 9.600 3.0 | 3.2 1.08 | 4.57( 1.38 | Stirup
26 [426-3 RESC 6.890 [1.3x1.3 | 5.3 1.14 { OK 1.85 -
27 [426-4 RESC 5.460 [1.3x1.3 | 4.2 1.19 | OK 1.92 -
28 465 RESC 9.620 |2.6x2:6 | 3.7 1.18 | 0K 1.68 -
29 436 RESC 5.042 |3.0x2.5 | 2.0 1.04 | 0K 1.45 -
30 497 RESC 10.401 13.0x2.2 | 4.7 0.97 | OK 1.27 -
31 503 RESC 9.248 13.0x2.2 | 4.2 0.88 | OK 1.29 -
32 505 RESC 9.831 [3.0x2.2 | 4.5 0.88 | 0K 1.28 -
33 509 RESC 7.517 |2.0x2.0 | 3.8 0.81 | 0K 1.75 -
34 514 RESC 9.100 [2.0x2.0 | 4.6 0.96 | 0K 1.75 -
35 515 RESC 10.289 [3.0x2.2 [ 4.7 1.07 | 0K 1.38 -
36 516 RESC 7.860 |2.5x2.5 | 3.1 0.97 | 0K 1.82 -

{1) ROSC: Round Solid Column
ROHC: Round Hollow Column
RESC: Rectangular Solid Column

(2) In case strenghtened with 4.5am thick plate

Table 1 Selected R/C Bridge Plers
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(cm*), and y: Distance between centrold and tension flber (cm).

The Inspectoin Indicated that 36 bridge plers were needed to
strengthen among 156 on Metropolitan Expressway Route No. 6 (16 round
piers, 9 round hollow plers, and 11 rectangular piers as shown in Table 1).
Fig. 6 shows where part of smain reinforcement is terminated at mld-helght
In one of the typical R/C bridge pifer. Table 2 and 3 show the result of
safety check and cross sectional propertles, respectively.

STRENGTHENING DESIGN

Strengthening design was made for the R/C bridge plers which were
judged to be necessary to strengthen according to the seisulic third level
Inspection. The steel jacketing method with cpoxy resin was adopted for
strengthening based on the result of the experiments of 1987.

Design for Seismic Load (After Completion)

¥hen completed, the steel jacket Is considered to function completely
together with R/C bridge pier. Therefore, the thickness of the steel plate
was designed for bending moment and horizontal force due to earthquake,
assuming the steel plate resists the seismic loads In the same way as
reinforcement. As a result, the thickness of 4.5mm was calculated to be
enough. The steel plate of 6mm was. however. adopted to avoid deformation
durlng fabrication, shipping, and grouting. The procedures for the design
of thickness are; (1) In case yjeld safety faclor Sf<1.2, the steel plate
is transformed to reinforcement and the thicknes~ {s determined to make Sf
more than 1.2 at mid-helght of R/C bridge pler where part of wmaln
reinforcement 1s terminated, (2} In case an average  shear stress
{ {)m>( ! )"'a, the steel plate is transformed to reinforcement and the
thickness is determined treating it as stirrup. Thus, one half of the load
is carried by concrete, while the other half carried by reinforcement. The
required amount of reinforcement as stirrup is obtalned from
"Specifications for Highway Bridges: (Substructures} 4.2.7".

Design for Grouting Pressure of Resin {(During Construction)

Since the helght of jJacketing plate reaches several meters, the steel
piate is subjected to bending moment and tension force due to grouting
pressure during resin grouting. Consequently, excesslive stress and
deformation are expected In the steel plate. The steel plate is anchored
with anchor bolts with adequate intervals to reduce excessive stress and
deformation.

The anchor bolts pitch is designed for the stresses in the steel
plate, the deformation, and the pull-out force of the anchor bolts due to
the internal pressure, assuming the resin grouting pressure shows hydraulic
pressure distributien. FEM was used for analyzing the deformation and
stresses. It turned out to be enough to reinforce the steel plate of round
R/C bridge pier with anchor bolts with a 100cm interval. As for the steel
plate of rectangular bridge pier, the deformation was calculated 1o be
excessive, Therefore, the anchor pitch was determined to be 50ca to avold
excessive deformation.

The range of strengthening bridge pler was determined to be from the
ground level to just below the beam to reduce the anxiety of the public as
well as to Improve appearance, although the experiment indicated 1.5D (0.5D
downwards and 1.0D upwards) was enough at mid-helght of R/C bridge pier
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Cross-sec-
Section tional forces Yield safety factor Average sheare stress
M
(ta)| #1858 1 gp . 1.7 1.2 Tm = 275900/70686
N out = 3.90 <ta=4.50kg/
1 (t) 836.3 0.K. ca?
8 \
(t) 275.9
M | 2981.3
(tm) ) Sf =1.12 < 1.2 ™m = 292300/70686
N out = 4,14 <78=4.43ke/
2 (t) 885.8 0.K. ca?
S
292.3
(t)
M 3129.6
(tm) . Sf = 1.30 » 1.2 m = 298100/70686
N 0.K. = 4,22 <Ta=4.42kgn/
3 (t) 303.4 0.K. cm?
S
(t) 298.1

Average sheare stress Tm = S/Ac

Ac = 1 #3.003.0/4¢10000 = 70686cm*

Table 2 Result of Check for Safety Factor

Sectlon 2 of Mukojima 308 Bridge Pler
Outer Radfus of Section Ro ch 150.00
Distance to Reinforcing Bar Rs ca 136.70
Sectional Area of 1 Reinforcing Bar As cm® 11.40
Number of Reinforcing Bars Ns 90
Specified Concrete Compressive Strength (C)ck kg/cm? 270.0
Yield Stress of Reinforcement (c)sy kg/cm= 3000.90
Modulus of Elasticity of Reinforcement Es keg/ca? 2100000.0
Applied Bending Moment Mcn tm 2981.3
Applied Axial Force N t 885.80
Distance to Neutral Axls b ¢ cm 102.502
Yield Moment MRn ta 3341.09
Yield Safety Factor ) ¢ 1.121

Table 3 Sectlonal Properties
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where part of main reinforcement Is terminated.

The strengthening method is summarized as follows; (1) Strengthenlng
method: Steel jacketing method with epoxy resin grouted between steel plate
and concrete, (2} Strengthening range: From the ground level to just below
the beam, (3) Steel plate: Thickness t=6mm, and materlal 5841, (4)
Thickness of resin grouting: t=3mm, (5) Anchor pitch: 100cm for a round
column and 50cm for A rectangular column, and (6) Anchor bolts: M16
concrete bolt with countersunk and chipped head for aesthetlc appearance.
Fig. 7 shows how to strengthen an R/C bridge pler.

FIELD WORKS OF STRENGTHENING R/C BRIDGE PIER

In 1989, § R/C bridge plers werc Jacketed with steecl plate in Mukojima
area on Metropolitan Expressway Route No. 6. Fig. 8 shows the fleld works
procedures for strengthening R/C bridge pler at the construction site.
Fig. 9 and 10 show the R/C bridge pler before and after strengthening,
respectively.

Surveyling

After setting up work platform (Fig. 11), the detailed surveying of
R/C bridge plers, Including obstacles such as drainpipe and Inspection
ladder, was carried out using survey equlpments. The design for
fabrication was made based on the result of surveying.

Fabrication

The steel jacketing plate was fabricated according to Lhe design (Fig.
12). The procedures were; (1) Cutiing and drilling, (2) Bending, (3) Sand
blasting and primary palnting, and (4) Two coats of painting. 88541 steel
was used.

Concrete Coating

The surface of R/C bridge pier was cleaned with wire brush, sander, or
thinner (Fig. 13). The obstacles were moved or removed if necessary. The
concrete surface without steel jacketing was coated with four coats of
resin,

Steel Jacketing

Temporary angles were anchored to the R/C bridge pier to support the
steel jacketing plates at the required positfon. The jacketing plates were
transported to the construction site, and lifted to the designated position
by 5 ton crane (Fig. 14). The plate was placed on the angle, temporarily
anchored, and wired. The erection was performed very carefully to avoid
the deformation of the steel plate. The pier was drilled, and concrete
anchor bolts were set into the drilled holes. The bolts with countersunk
and chipped hcad were fixed to the anchor bolts with torque wrench.

The steel JacketIng plate was carefully welded to one another irom the
bottom to the top of the welding line while controlling welding temperature
(Filg. 15). The defects found in the welding parts were repaired and
finished.
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Flg. 9 Before Strengthenling

Fig. 10 After Strengthening
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Epoxy Resin Grouting

Injection and afr pipes were installed, and all the gaps Iin the
Jacketlng plate were sealed with epoxy resin by hand. Epoxy resin was
grouted through the Injection pipe from the bottom to the top with manual
pump (Flg. 16). In general, 3.0m of grouting was performed at the time,
and the procedure was repeated depending on the required height. When
epoxy resin bhardened, the ({injection and alr pipes were removed and
finished.

Painting of Steel Jacketing

For the asesthetic reason, the steel jJacketing plate was painted In the
same color as the concrete coating after cleaning the surface at the
construction slte. The In-situ painting consists of five coats at Jjoint
parts and two coats &t the rest, respectively.

CONCLUSIONS

It was almost for the first time for the Metropolltan Expressway
Public Corporation that R/C bridge plers were strengthened with steel
Jjacketing.

In the design, the focllowing polnts were taken into accounts; (1)
Anchor bolts with countersunk and chipped head were used for the appearance
after completion, {2) To avold giving an impression to the public that R/C
plers are strengthened as well as to lmprove the aesthetic appearance, the
surface of R/C bridge pler without steel jacketing plate was coated In the
same color as the steel plate, (3) Although the steel jJacketing plate of
4.5mm was enough from the design point of view, 6mm thick plate was used to
avold deformation during fabrication, transporting, and grouting as well as
to use anchor bolts with countersunk and chlpped head.

In the erection, the following points should be paid attention; (1)
Before the fabrication of steel jacketing plate the dimensions of R/C
bridge plers should be measured as accurately as possible, (2} To put
anchor bolts with countersunk and chipped head exactly 1into place, the
drilling of holes in the steel plate for anchor bolts should be performed
as carefully as possible, and (3) In grouting resin, the height of grouting
should be controlled, and the deforsation of steel plate be checked
especially in a rectangular R/C bridge pler.

As mentioned the above, the basic design for strengthening R/C bridge
pilers on Metropolitan Expressway Route No. 6 was already finished in 1988.
3 R/C bridge plers among them were jacketed in 1989, and 6 are now being
strengthened. The rest of them are scheduled to strengthen soon. Since
there are still some unknown factors especlally In the erection, it will be
necessary to Iimprove the design method as well as to establish erection
techniques through the strengthening experience.
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Fig. 11 Work Platform

Fig. 12 Steel Plate Fabricatlon

—295—



J ‘
-

*
: s
’ §
M
ke
b
A v

Fig. 13 Concrete Surface Treatment

Fig. 14 Erection

—296—



Flg. 16 Grouting
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SEISMIC STRENGTHENING METHOD FOR REINFORCED CONCRETE BRIDGE PIERS
ON HANSHIN EXPRESSWAY
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SUNMARY

This paper presents a series of investigations from inspection to field
vorks of reinforced concrete piers for the strengthening against an earthquake.

Vhen the anchorage length of main reinforcement of the reinforced
concrete piers is insufficient, shear failure tends to cause at mid-height of
reinforced concrete piers where part of main reinforcement is terminated,

As a result of investigation, steel jacketing method is effective for
seisaic strengthening. Namely, it is a strengthening method which bind a
steel plate around a RC pier at its termination section of main reinforce-
ments. The thickness of the steel plate is 6mm und the steel plate is jacketed
0.5D0 (where, D® the side length of a square section) below and 1,00 above the
termination section of the main reinforcements and with epoxy resin grouting
between steel plate and reinforced concrete pier.

INTRODUCTION

In the Off-Miyagi Prefecture Earthquake in 1978 and the 0ff-Uraga Earth-
quake in 1982, both in Japan, reinforced concrete piers among bridge members
suffered fros severe damages near the section of termination of the main rein-
forcesents,

It seems that the damages near the termination section of the main rein-
forcements were due to brittle shear failure caused by a decrease in an effec-
tive sectional area for shear accompanied by flexural cracks of concrete, when
the anchoring length of the reinforcements was not sufficient,

{I) Chief of Second Maintenance Section, Ozaka Management Division,
Hanshin Expressway Public Corporation,Osaka 541, Japan

() Assistant Chief Engineer, Maintenance Engineering Section, Naintenance
and Facility Design Division, Hanshin Expressway Public Corporation,
Osaka 541, Japan

(H) Civil Engineer, Maintenance Engineering Section, Naintesnance and
Facility Design Division, Hanshin Expresssay Public Corporation,0saka
541, Japan
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Therefore, in the Japanese Highway Bridege Specifications revised in 1980,
it is included that the allowable shearing stress of concrete was lowered, and
the section of termination of the main reinforcements is to be extended by a
length equal to an effective depth of a section of a member, beyond a point
vhere the reinforcements are not required in the strength calculation.

On the cther hand, existing bridges constructed before 1980 took an in-
spection in 1986 about the load-carrying capacity against an earthquake. Aa a
resuit, the piers of which the load-carrying capacity was not sufficiently se-
cured vere urged to prepare for an earthquake. About 50 piers among the bridge
piers of the present Hanshin Expressway were required to be strengthened
against an earthquake.

Hanshin Expressway Public Corporation, the Public VWorks Research Institu-
te of the Ministry of Construction and Netropolitan Public Corporation carried
out a joint research on the method of seismic strengthening. As a resuit, it
vas recommended as an effective strengthening method to apply a binding up
with a steel plate around a pier. The width and thickness of the steel plate
and a filler material regquired to fill a gap between the pier body and the
steel plate were proposed for the sirengthening design.

The Corporation, in order to study on the applicability of the proposed
method to actual piers, carried ocut test works for existing piers and examined
the various design and works probleas.

This paper presents an outline of a series of investigations from
inspection to field vorke of reinforced concrete piers for the strengthening
against an earthquake.

1. 1986 Inspection of Existing Highway Bridges against Earthquake

1-1 Qutline of inspection

This inspection followed an official memorandom about “the Inspection of
Public Facilities for Safety Against Barthquake”(No.6 Document of “Street” Di-
vision, City Bureau and No.5 Document of “Disaster Prevension” Division, Road
Bureau, both of the Ministry of Construction, both issued on the 4th of April,
1986). Throuzh this inspection, the earthquake proofing of existing bridges
was evaluated, based on damages experienced at the Off-Uraga Barthquake in
1982, the Middle of Japan Sea Earthquake in 1383 and the West of Nagano Pre-
fecture Earthquake in 1984,
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Locations and itess for the inspection were classified by three stages of
inspection,

The first inspections are basic inspections of factors affecting greatly
earthquake damages, and consist of surveys of deformation of super-structures,
sub-structures and supports of all of the existing bridges, surveys of appara-
tuses to prevent the super-structures from falling down and surveys of earth-
quake proofing of the sub-struciures.

The second inspections cover the ones of ground liquefaction of bridges
and of the earthquake proofing of ihe sub-structures by simple calculations of
strength of pier bodies and bearing capacity of foundation piles, both for the
bridges which were evaluated to need further inspections,

The third inspections are carried out abaut the strength at the section
of termination of the main reinfercements of reinforced concrete piers with a
rectangular or circular section of the highway bridges which are supported by
a reinforced concrete single column and designed before 1980. The inspection
items are shown in Table-l.

The conditions requiring a strengthening vork after the third inspections
are as follows:
® 2 < shear span ratio h/D < 86,
@ subsurface ground belongs to the 4th Group,
@ safety factor for yield strength at the section of termination< 1,2
or shearing stress at tlie section of tersminationZ 36tf/m*.

Table-1 Items for 1986 Earthquake Proof Inspection of
Highway Bridges

Third Sub- Strength at Shear Span Ratio (h/D) :

Inspection | structures | Section of h/DS2Z, h/D26, Z<h/D<6
Termination Ground Conditions Classification:
of Main Ist, 2nd, 3rd and 4th Group

Reinforcements | Factor of Safety for Yield Strength
of RC Bridge at Termination Section of Kain
Piers Reinforcements:

larger than 1.2 or smaller

than 1.2

Shearing Stress<36tf/n"
or236tf/n’

where, h = the distance from upper end of a footing to lower end of
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a beam

D = the side length of a square section, or the side length in
direction perpendicular to bridge longitudinal direction of
a rectangular section with long sides and short sides

1-2 Inspection results

The results of the lst and the Znd inspection works for the aseismic
design of bridges along the existing routs shoved there was no questionable
member or element cobserved.

The following records were obtained about the strength of 5275 RC bridge
piers designed before 1980 ai the termination section of main reinforcesents
vhich were examined by the 3rd inspection. In 115 piers, the shear span ratio
h/D was betueen 2 and 6, and the subsurface ground belonged to the 4th Group.
In 51 piers, the safety for yield strength at their termination section of
main reinforcements or the shearing stress vas questionable.

2. Design of A Seismic Strenghening V¥orks

2-1 Verification test for a seismic strengthening

A test was carried out jointly with the Public Works Research Institute
of the Ninistry of Construction and the Metropolitan Expressway Public Corpo-
ration, aiming at verifying the strengthening effect of binding a steel plate
around a RC pier at its termination section of main reinforcements.

The reason why the steel plate strenghening vas applied to existing con-
crete piers can be explained as follows, If reinforced concrete were cast
around the existing RC piers, the strengthening work would have become larger
in scale; noise and vibration would have occurred due to chipping works for
Jeining new concrete to old concrete; the intringement to construction gauge
due to an increase of pier section; and an excessive increase of the pier
weight would have been produced.

2-1-1 Nodel column specimens for test

Test columns for the experiment modeled piers with a square section which
vere judged to need reinforcesent at a tersination section of main reinforce-
sents, as a result of the earthquake proof inspection of highway bridges
carried out in 1986.



The size and shape of the test columns are given in Fig.l. The test
column for a pier with a square section is provided with a section of 50caX 50
cm, a shear span ratio of 5.3 and a loaded height of 2.6m, all on a scale of
1/6, Further, an amount of rebars provided the test colusns observes the same
ratio of rebars as in the actual piers.

Four test cases were chosen by the width of steel jacket for binding, by
vhether filler material is provided between pier body and the steel jacket or
not, and by the type of the filler material if it is used. The test columns
vere classified as follows:

Test Column No. | : square section, no reinforcement by steel plate,

Test Column No, 2 : square section, binding width of 1,0 D where D is a

length of sides of a column section, and with non-
shrinkage mortar injected,

Test Column No. 3 : square section, binding width of 1.0 D, and with

epoxy resin injected,

Test Column No. 4 : square section, binding width of 1.5 D, and with

epoxy resin injected,

Ll el
— | e
4444 88
Gk
g o |9
g
}__..

Fig. 1 Shape and Size of Square Section Test Columns
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The steel plate for binding is of SPCC (= cold-rolled steel) of 1mm in
thickness. For the test specimens of Nos. 2 and 3, a range of 0.5 D above
and below a section of termination of main reinforcesents, and for the test
specimen of No. 4, a range of 1.0 D above and of 0.5 D below the termination
section, were binded with steel plates. The thickness of the filler
material vas 20mm for non-shrinkage mortar and 3sa for epoxy resin.

2-1-2 Test method

In the test, a test speciman was horizontally set, and an axial force of
28.8 tf for a square section was applied to the specimen by a loading device
of axial force. The axial force was selected assuming a pier reaction from the
superstructure. Then, keeping the axial force loaded, a dynamic load was
further applied.

At the dynamic test, alternate dynamic loads were given by an actuator
under displacement conirol in terms of pesitive and negative displacesents,
This forced displacements, which were integer multiples of the yielding strain
&y of the pier colusn (15ma for a square section), were applied to the top of

the test colusn vith 10 vaves of the sine wave.

The yielding here was chosen at a point where the strain ¢ s took sudden-
ly a large amount against an increase of the force P, in which P is an applied
force at the top of the test column and ¢ 3 is a strain of reinforcements on
the tension side at the extrese fiber of the column base.

Further, before the strain ¢ s reached the yielding, a load was statical-
ly applied with a gradual increase at about 10 steps of positive and negative
alternate loading under load contrel.

Z2-1-3 Test results

(1) Fracture wodes

Fig. Z shows fracture modes of the test colusns after the loading tests
ended.
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Fig. 2 Dravings of Fracture of Test Columns

In the Test Columns of No, 1 without steel plate reinforcement,
diagonal cracks occurred froam a section of termination of the main reinforce-
ments and failed at this section accompanied by shear failure.

In Nos. 2 and 1 Test Columns which were binded by a steel plate with
1.0 D width, the failure section moved to the column base.

In No. 4 for which the binding width was 1.5 D, the failure occurred at
the base of the columns.

(2) Relationship between load and displacement

The relationships between load and displacement are given in Fig. 3.
All of the Test Columns which were strengthened showed an increase of the
ultimate strength by about 30 X in the maxisum, compared with the No. 1 Test
Specisen without the reinforcement of steel plate.



'_’.':}y 1iy 68y

LOADIT)

-1 A 1 L L

1 A L 1
—1201- 96 -72]-4R[~"4 O 24 48 72 96 I

Displacesent (am)

Fig. 3 Relationship between Load and Displacement

(3) Strain distribution of axial reinforcements

The distribution of strains in axial rebars of the Test Columns is shown
in Fig. 4. Since No. | Test Column without the reinforcement by a steel plate
had failed at the static test, the dynamic test of No, 1 Column was not
carried out.

FOOTING
(X 1000 ¢ ) (X 1000 4 )
—-—L—-—-—'—‘ —-—L——-—J‘
0 2. 4 0 2 4

{1)Test Specimen 1 (2)Test Specimen 2 (3)Test Specimen 3 (4)Test Specimen 4
(Static Test)

Fig. 4 Strain Distribution of Axial Reinforcesents



In Nos., 2 and 3 Test Coluans with a square section which were binded by
a steel plate over the width of 1.0 D, strains of rebars near the middle of
the steel plate vere small, but reached the yvielding under the 1.08y dis-
placement loading. The examination of the effect of injection of non-shrinkage
mortar and epoxy resin showed that restraint by the latter was more effective
than by the former.

In No. 4 Test Column with a rectangular section which was binded by a
steel plate over the width of 1.5 D, the column reinforcements of the portion
b.nded by the steel plate did not reach the yielding until 43 y loading.

(4) Summary — strengthening method and strengthening range —

The test results showed Lhat the reinforcement for a RC bridge pier
applied to No. 4 vas at least required in terms of the strengthening wethod
and range against an earthquake,

Namely, the steel plate jacketing method at the section of termination of
main reinforcements proved to be effective against an earthquake by strength-
ening over the vidth of about 1.5 D consisting of 1.0 D above and 0.5 D below
the termination section. Also, it was required to inject non-shrinkage asortar
orepoxy resin between pier body and steel plate.

Metropolitan Expressway Public Corporation carried out the same type of
experiment using specimens with circular cross section and obtained almost the
same results,

Since basic methods and ranges of the strengthening against an earthquake
vere verified by the experiment for confirmation of the effect of the re-
inforcement, furthersore, the design of the strengthening wvas examined and an
evaluation equation for strengthening standard was proposed. Information for
the examination was obtained froam the results carried out at the Public VWorks
Reserch Institute of the Ministry of Construction and Metropolitan Expressway
Public Corporation in addition to the test results reported above.

Three paraseters vwere selected for an evaluation equation:

@ an = safety against yielding al checking section{termination saction)

@ 1
n

@ s
mn

sean shearing stress at checking section (termination section)

ratio of an to yielding at the base of colusn,
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Since a column failed at the section of teramination at the tests for eaven
shear span ratio h/D & 6.0, it vas excluded from the paraseter. Table-3 shows

evaluation equations.

Table-3 Evaluation Equation of Standard Reinforcement against Eartlhquake

348 < 1.2 t > 4.2 kgf/dd s 1.2
fn n mn
@ @
1{s 21,2 T S4.2kgf /ol 1.2 85 <1.4
fn n [ 1]
Evaluation Equation P = 0@z S =21.4
c mn

— 308 —




It vas proposed to determine the strengthening range and steel plate
thickness for a seismic strengthening by the equation in Table-3

P=S_ ¢t -8 s 2
c fn N mn

In general, steel plate thickness of 4,5mm was calculated to be suitable.
The steel plate of 6mm was, howevere, adopted to avoid deformation during
fabrication, shipping, and grouting.

an took the number of 3, since the safety factor less than 1.2 vas

considered in the same way as in the 1986 inspection for earthquake proofing
of highuay bridges.

Since some test columns did not show the failure even when the shearing
stress t was over the allowable value, ¢ nuas classified by the allowable
n

shearing stress with the upper limit of 2,0,

The failure at the section of termination sight be brittle due to small
toughness, and therefore the safety of the section was increased relatively,
Since S.nvas less than 1.2 for the test columns which failed at the section of

termination or at the section of termination and of the base, 3.0 vas proposed
for S .
an

Further, since the reserved horizontal ultimate strength even for the
safety factor larger than 1.2 was different from the strength for the safety
factor larger than 1.4, 2.0 vas proposed to S-n for the factor smaller than

1.4,

3 Anti-Earthquake Streagthening Vorks

3-1 Procedure of a seismic strengthening works

Fig. 5 shows the general drawing of sirengthening works for earthquake
proofing, and the operation steps are as follows:

Preparation works = falseworks ereection = under treatment works =
scasuremsent works => temporary anchoring = seat installation works @ finish-
ing of shop drawing = fabricating and straightening of steel plate =» carry-
ing in of steel plate = installation of steel plate = anchoring works =
field velding = sealing works = injection works = finishing vorks = paint
ing = false vorks resoval = clearing away.
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Fig. 5 General Drawing of A Seismic Reinforcemcnt Works

3-2 Test works at site of a seismic strengthening

To study on the applicability of a seismic strengthening works to site
conditions,test works were carried out for the pier No.P-461 at the Airport
l.ine of the Hanshin Expressway. The following items were examined:

(D flatness of surface of existing pier columns which is isportant at the

time of installation of a steel plate or of injection of a filler saterial,

@ operation of installation of a long steel plate,
interval of anchor bolts and anchoring conditions,
field welding vorks of reinforcing steel plate and its heat effect,
installation works of reinforcing steel plate,
properties of filler material,
injection conditions of filler material, ete.

For the comparison of epoxy resin with non-shrinkage mortar as a filler
material, the properties of filler materials, conditions of injection of the
filler materials and the selection of the filler material, are reported in
this paper.

SRR R

3-2-1 Properties of filler materials
The basic properties of epoxy resin and non-shrinkage mortar were

verified in advance by indoor tests { model injection test, physical and
chemical properties test ). As a non-shrinkage mortar group, in addition to
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non-shrinkage sortar, cemsent grout material, self-leveling floor bed material,
polymer cement material vere tested, The performance required for the filler
material was as follows:

{I) easy operalion and usefulness for injection into a ssall gap,

@ the approximately same compressive strength ( ock=270 kgf/ca® ) as that

of pier concrete,
@ no breeding during injection of a filler material,
@ no volume change during hardening of concrete.

Since the injection of epoxy resin was experienced at steel plate bonding
works for slab repairing, there vas no problem for the injection intoc a 4 ma
width gap.

The indoor test revealed that about 10 mm gap vas required for the group
of non-shrinkage mortar. For this thickness for injection, all of the materi-
als showed nearly satisfactory results about usefulness, strength and harden~
ing conditions as the filler material.

The maxisum compressive force to which the reinforcing steel plate was
subjected during the injection, wvas a pressure near the injection point at the
lovest end of the steel plate, and it was nearly equal to side pressure due Lo
hydrostatic pressure produced by the difference of elevation of the injection
material.

3-2-2 State of injection of filler material

The examination of injection operation of epoxy resin or non-shrinkage
mortar was carried out by a test works on the assumption that a reinforcing
steel plate of 6 » in height was installed around an existinz pier. The height
of 6 m was chosen, because the installation of a steel plate slightly larger
than a range necessary for the reinforcement was considered from the point of
scenery.

A supporting interval of anchor belts for the installation of the steel
plate was determined from pressure acting on the plate during the injection
vworks, Since a divided injection of 3 m in height was planned from the amount
of pressure, the pressure for epoxy resin was chosen to be 0.3 + 0.1 kgf/»’
and the pressure for non-shrinkage mortar to be 0.6 + 0.1 kgf/n*.

The supporting interval of anchor bolts was decided by an analysis of a
bending problem of a plate supported by lines of coluans with an equal inter-
val, so that the deflection of the steel plate could be saintained below J mm.
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Thus, for epoxy resin, the support by one hole-in-anchor per 50 ca X 50 ca
was necessary, and for non-shrinkage sortar a combined support of staging
members( [ - 300 90xX9%13 and [ - 200X 90X 8X13.5 ) and hole-in-anchors was
necded.

In a test injection, the measurement of deflection and stress of an
installed steel plate and of injection pressure of a filler material was
carried out,

The deflection of the steel plate was measured by a displacement meter
of dial gauge type, the stress by strain meters affixed to the steel plate and
the injection pressure by a pressure meter of dlal gauge type.

Fig. 5 shows the measurement records of the deflections of the installed
steel plate at the time of injection of the epory resin. The maxiaums
deflection vas 2,89, he saximum deflection of the plate during the injection
of non-shrinkagemortar was 2,87 mm which vas belaw the allowable value of
3.0 mm.

uypper part: second tnjection
lower part: first 1njectian
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Fig. 6 Record of Measured Defleciions of Installed Steel Plate

The stress on the installed steel plate during the injection was about
550 kef/ca® for the epoxy resin and about 750kgf/ca’ for the non-shrinkage

—312—



sortar, both in the maximum. The recorded injection pressures of the filler
materials were given in Fig, 7.
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Fig. 7 Measurement Record of Injection Pressure of Filler Materials

For the epoxy resin, the injection pressure was increased up to the
saximum of 0.54 kgf/ce”™ to finish the injection for a certain test column, but
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in other cases, a pressure equal to a hydrostatic pressure duc to the
difference of elevation of the filler vwas measured as in the indoor test.

3-2-3 Selection of filler material

By the field Lest works stated above, it was verified that the installa-

tion method of a steel plale and the injection method which were important
during the injection works, were appropriate,

For the selection of such a filler saterial as non-shrinkage sortar or

opoxy resin,

{) how the difference of thickness necessary for injection ( 4 am for epoxy
resin and !0 am for non-shrinkage mortar )} affects the site conditions and

scenery, and

{2) how the difference of supporting method of an installed steel plate ( only
boiting for epory resin, but combined bolting and stagzing for non-shrink-
age moriar ) affecls the site conditions, working conditions and scenery,

were investigated, Finally, the epory resin was selected,

B0

4-3 Anchor Bolt s ] //”\

. ] VA

ountersunk head bolt adopted by T — - )
reason of a fine sight, Fig.8 shows & ] ST 1. ;J \
the anchor bolt which used in the field sbolrTTT Tl £ 5
vorks. In general, it is said Lhat Lhis t . <__J }
kind of bolt is weak against the pull out '\\\V///
force, Then improvement of the fix ancho F1X ANCHOR
and the the pull out force tests of ’ IAo2 L8 (MAK. S
improved bolt with epony resin between CTATEMYENCD
bolt and the drilled hole vere carried out .
As a result,this anchor bolt could increase
the uitimate the pull out strength and
decrease the deforsation. Fig.8 Improved Anchor Bolt

3-4 Field Velding

The steel jacketing plates welded on condition that the route gap is 2 aam.

¥hile velding, the Lemperature of the steel jacketing plate was about
1,000C at Lhe welding point, 100T at a distance of Sce from the welding
?oint and below 50T at a distance of 5ca from the velding point. Maxisum
inner stress by the conduction of heat was 304kg/cod and decreased to 38kg/dl .

As above, though the heat by welding was rather high at velding point,
the velocity of spreading vas fast and there vas no probles aboul the welding.
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Conclusion

The Hanshin Expressway Public Corporation started works for a seismic
strengthening from last year, based on the investigation results discussed
above. Since the works are maintenance and repair works, there might be much
restriction at the site and other various problems, toc, but it can be said
that the basic application of proposed sirengthening methods was confirmed.

A fundamental idea for anti-earthquake design has made progress and
expanded with never experience of earthquake damages. In future, the need for
similar a seismic strengthening as proposed here will be pointed out further
for existing structures. In the maintenance and management of continuously
elevaled bridges such as seen in the Hanshin Expressway, structural behavior
of the bridges and features of seismic motion, topography, and ground have to
be grasped. At the same time, it will be required that a series of structures
has to be provided with the same degree of earthquake proofing.
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SEISMIC PERFORMANCE
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SUMMARY

Collapse or severe damage of a number of California bridges in recent moderate
earthgnakes lias emphasized the need to develop effective retrofit measures 1o enhance the
flexural strength and ductility. and shear strength, of bridge columns designed before the
current seismic design provisions, This paper reports on the status and preliminary results
of an extensive research program currently in progress at the University of California, San
Diego to investigate various retrofit methods for deficient bridge columns. Results from the
first phase of testing indicates that steel jacketing provides an effective means of enhancing
the flexural performance of tall circular columns. Similar enliancement of performance was
observed for rectangular columns encased with elliptical shape jacket. The second phase of
research focuses on shear strength enhancement of short columns. Initial results indicates
that, by extending the cylindrical steel jacket over the full height of short columns, brittle
shear failure can be avoided and the column encouraged to exhibit ductile behavior.

INTRODUCTION

The 1971 San Fernando Earthquake [1)], the 1987 Whittier Earthquake [2], and the
1989 Loma Prieta Earthquake [3] all provided painful reminders of the potential hazard that
exist in many of the older bridge structures in the United States. Considerable progress
has inade by Caltrans in implementing retrofit measures to upgrade the seismic resistance
of these bridges in California [4]. Deficiencies inherent in the columns of the older bridges
are inadequate flexural strength and ductility, undependable flexural capacity, inadequate
shear strength, insuflicient joint and footing strength. These problems have been discussed
in detall elsewlere [5).

The c¢urrent approach for seismic design of bridge columns relies on proper confine-
ment of the potential plastic hinge regions by closely-spaced transverse hoops or spirals.
Such provision allows the ultimate compressive strain to increase from a value of abcaut
0.005 in unconfined concrete to a value of 0.03 or higher in confined concrete. The increase
in ultimate compressive strain significantly enhances the ductility capacity of the concrute
section. Research results [6] have shown that well confined columns can develop stable
hysteresis loops during inelastic cycling to displacement ductility factor exceeding six.

The same effective confinement can be provided to existing substandard circular
columns by encasing the potential plastic hinge regions with a site-welded cylindrical steel

'Graduate Reszarch Assistant, University of California, San Diego. US.A.
?Professors of Structural Engineering, University of California, San Diego, U.S.A.
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sleeve or jacket. The jacket is introduced slightly oversize for ease of construction. The
gap between the jacket and column is subsequently filled with cement-based grout. The
use of a close-fitted steel jacket ta a rectangnlar column, however, would not be offective
in enhancing the flexural behavior, since the level of confinement available depends on the
curvature of the jacket. The out-of-plane flexibility of the rectangular jacket cannot provide
effective confinement ta the column except at the jacket corners. Stiffeners are required
on the jacket to increase the radial resistance to the expansion of cover conerete which
oecnrs at large column lateral displacement. llowever, by encasing the rectangular column
witl an elliptical jacket, continunous confinement can be achieved in both directions of the
column. A suggested alternative to a stiffened rectangular jacket is to assemble structural
stee] chiannels into an integral enclosure using bolted connections which can be tightened
to induced active confinement to the column. The gap between the channe] section and
column wonld be filled with concrete.

The fatlure to provide adequate transverse steel. as with the pre 1971 design. may
lead to brittle shear failure in short colimns, with limited displacement ductilities. Inelastic
cvelie response of these columns is characterized by poor energy dissipation, rapid strength,
stiffiess and physical degradation. The use of steel jacket would, in addition to provide
confinrment, enhance the shear strength of the column. A satisfactory sliear retrofit would
Le to increase the shear sirength of the column to a level above the flexural strength to
avoid britte shear failure, and the column after retrofit can exhibit ductile flexural response.
For eircular colummns, a evlindrical jacket is appropriate, while for rectangular columus, an
elliptical jacket is desirable.

Regardless of flexural or shear retrofit, the jacket is terminated slightly short of the
adjoining member to ensure that only confinement is provided to the column conerete,
rather than an increase in the size of the critical section which may iucrease the moment
capactty and overload the footing,

Iu order to verify the eflectiveness of the retrofit techiniques for enhancing tle seisniic
performance of bridge columns, a test program was initiated at the University of Califoruia.
San Diego, in 1985, The program is still continuing and involves testing of large-scale
circular and rectangular colurins in “as-built” and retrofit conditions for both flexural and
shear response. Columus are constructed at 0.4 geometric scale of the prototype, using
materials and design details appropriate for columns designed in the mid 1960°s.

FLEXURAL COLUMN TESTS

Fl | Col Detail

The flexural program includes testing of 6 circular columns of 21 inches in diameter
and 6 rectangular columns of 28.75 inches by 19.25 inches in cross-section. The test columns
are constructed with a footing so that foundation influence on the column behavior can be
ineluded. The column height is 144 inclies from the top of footing to the center of horizontal
load. An axial load of 400 kips is applied to the test column using two 2 inch high strength
hars before imposing lateral displacements. EFach bar is stressed with a center-hole jack
whicl reacts against the test floor. The var forces are transferred to the column by a cross-
heam mounted on top of the column loadstub. Fig. 1 shos the iest configuration for a
circular flexural column.
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A target conerete compressive strength of f1 = 5000 psi at 28 days is nsed in all
test colummns to represent a 67 % overstrength when compared to the typical 1960°s design
strength of 3000 psi. The overstrength is 10 reflect both the conservative concrote mix
desizn and hatching practices of the [960% and the strength gain that has ocenrred an
more than twenty vears of natural aging. Grade 40 reinforcement is used in all flexaral
columns. Longitudinal reinforcement for eirenlar colnmns consists of 26 #6 deforined bars,
nniformly distributed around the column, A concrete cover of 0% incl was provided for
the longitudinal reinforcement. Yield strength for the #6 bar averages 457 ksi. Transverse
roppforcement is provided by #2 circular hoops at 5 inches uniform spacing. Fig. 2 shows
a tvpical reinforcement detail for o circnlar flexural column. Tor the rectangular colnmns,
the longitudinal reinforcement consists of 32 #6 bars distributed into single layer, as shown
in Pig. Hla). Transverse stesl for the rectangular column was similar to that of cirenlar
cobtmn o0 #2 perimeter hoops at uniform spacing of 5 inches. It should be noted that
both the circular and rectangular colwmns are designied ta contain the same longitudinal
steol area ratio e, 2539,

Cirenlar cohpmns 1, 2.5 and 6. and all of rectangular columns wers constructed with
A sep-sphice of 20 times the longitudinal bar diameter in the potential plastic hinge repion.
Such practice was commot in the moment-resisting footing of the 1969%. Circular column
3 and 1 were peinforeed with continuous longitudinal bars anchored by 90 degree hooks in
the footing, Cyvlindrical jackets for cireular columns were fabricated from 3716 inch thick
A36 hot rodled steel (f, = 36 ksi). Fig. 3 shows the cross-section of a retrofitted circular
colmmn. A /0 ek gap is provided between the jacket and column, and subsequent|y
prossure filled with a cement-based grout which contains a small dose of water-reducing.
expansive additive. Compressive strength of 2 inch diameter grout eylinders varind between
2000 and 25060 psi at age of |1 davs,

Fig. 4 illustrates the confining action of the steel jacket. Under the combined effect
of axial compression and flexure. the compression zone attempts to dilate as the flexural
strengtli of the member is approached. The dilation is restrained by the radial stiffness of the
Jacket placing the jacket in circumferential tension and the concrete in radial compression.
The lateral pressure excrted by the jacket increases both the compressive strength and
ductility of the concrete,

To ensure that the jacket does not bear against the fooling when in compression,
a nomina gap of 1 inel is provided between the toe of the jucket and the footing. The
length of evlindrical jacket was chosen to be 4R inches to ensure that the mnoment demand
immediately above the jacket do not exceed 5% of the original flexnral capacity.

Design variations between columns are given in Table | and 2. The first pair of
circnlar columns were constructed with a 1960°s fooling using only straight reinforcement
{two orthogonal lavers of 24 #6 bars cach) in the bottom region of the footing. The footing
was snpporting on 1 inch high by 8 inch diameter blocks simulating pile support A strong
footing details was used in the remaining columns, including rectangular columns. when
footing shear failure was noted in the second column after retrofitted with a steel jacket.
Reinfarcement for the strong footing were redesigned 1o include top am! bottom layers of
#2¥ bars bent at both ends, 6 pairs of #8 diagonal bars placed close 1o the column/footing
joint and # 4 spiral at 2.5 inches pitch within the joint, as shown in 1Yig. 2. Instead of
using simulated rigid pile-blocks. the {ooting were uniformly supported on a thin laver of
hvdrostone and clamped against the test floor.
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Table 1: Test Matrix for Circular Flexural Columns

Test Units Column & Yooting Details Remarks
! 20 dy, Lap Yor Long. Bars Weak Footing Reference
Without Steel Jacket
2 200 dy Lap Yor Long. Bars Weak Footing Full
With Steel Jacket Retrofit
3 Continueus Column Bars Strong Footing Reference
Without Steel Jacket
4 Confinnous Column Bars Strong Footing Full
With Steel Jacket Retrofit
) 20 dy, Lap For Long. Bars Strong Footing | Partial
1/47 Styrofoam Wrap and Jacket Retrofit
6 20 dy Lap Vor Long. Bars Strong Footing Il
With Stee] Jacket Retrofit
- 20 d, Lap For Long. Burs Weak Footing I"ull
Repaired By Steel Jacket 300 Kips Prestress | Retrofit

Table 2: Test Matrix for Rectangular Flexural Columns

Test Units | Retrofit Details Load Directions | Status
] "As-Bailt” (Reference} Strong Axis Completed
2 Elliptical Jacket Strong Axis Completad
3 ‘HBuilt-up” Channels Strang Axis Completed
4 Stiffened Rectangular Jacket | Strong Axis Completed
h "As-Built” (Reference) Weak Axis Completed
6 Elliptical Jacket Weak Axis Pending

A partial retrofit approach was undertaken in circular column 5 to investigate (he pos-
sibility of vontaining the column base without attempting 10 improve the flexural strength
or duetility, This could be adopted in design where the lateral strength of 2 cclumn would
not be needed (o ensure satisfactory response of the bridge as a whole and where full retrofit
might place excessive moment demand on the footing. To this end, a thin sheet of styro-
foar {1/4 in thick) was added between the column and grout infill to allowed a controlled
dilation of the cover concrete at large lateral displacement. Complete loss of cover concrete
was prohibited by the presence of the jacket.

The flexural program also investigated the possible use of stecl jacket for post-
carthquake repair of columns, Circular column 1 was repaired with a steel jacket of the
same dimensions after initial ‘est (indicated as 1-R in Table 13, and retested using the
same load liistory., Loose cover concrete around the splice region of the main reinforcement
was removed hefore installing the jacket. The weak footing was strengthened by external
prestressing to a total of 300 kips at mid-height of the footing and in the direction of the
lateral load. lustead of being supported on simulated pile blocks, the repaired column was
placed in uniform bearing as with the strang footing setup.

Two directions of lateral loading were considered for the rectangular flexural column
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i.eo jn the strong and weak axis direetions. Five rectangular columns have been tested to
date: the first four column were loaded in the strong direction, ard the fifth column in the
weak direction. Cross-sectional details of the ’as-built’ column and the retrofit devices for
other three columns are shown in Fig. 5. The elliptical jacket for rectangular column 2 has
an outside dimensions of 38.25 tnches and 29.25 inches in the two principal directions. Note
that the dimensions shown in Fig. 5{b) are for the centerline of the jacket. The jacket was
fabiricated fram 3/16 inch A36 hot-rolled steel, similar to that for circular column. Column
4 used a rectangular jacket with a grid of stiffening fins as retrofit. Botl the elliptical and
stiffoned jackets were 4% inches tall. Column 3 used a bolted system of stee] chaunels with
transverse braces to confine the concrete in the potential plastic hinge region. The bolts
were tightened ta induce active pressure on the column concrete. Height of this retrofit
device was 288 inches.

Load-Deflection Response of Circular Flexural Columns

Plots of lateral foree versus displacement of circular columns with lapped starter bars
are shown in Fig. 6. In these diagra s V), represents the lateral foree corresponding to
fiest vield of the extreme tension reinforcement, Vi is the lateral force corresponding to the
theoretical ideal flexural capacity of the unconfined column section, and Vj is equivalent
to 1, but including the effeet of confinement provided by the steel jacket for retrofitted
columuas and was assessed at an extreme tension steel strain of 0.005.

Fig. ({a) shows that the hyvsteresis loops of the "as-built” column 1 degrade rapidly
after the first cvele ta g = L5, A maximum lateral load of 19 kips was noted during the
push exele to g0 = 1.5 and was 97% of the thearetical ideal capacity V. The strength
envelope is seen to degrade asyvmtoptically after g = 1.5 to the moment resisted purely by
the axial load which corresponds to a shear force of 19 kips.

The hvsteresis loops of eodumn 2 are stable up to jo = 3 after which rapid degradation
occurred (see Fig, 6(1)), due 1o footing joint shear failure. Vertical load carrying capacity
of the column was affected. Column 2 just attained its the plastic lateral force, V), prior
to failure. Note that column 2 showed a 19% increase in lateral stiffness after retrofit.
The lateral stiffness of the column is defined as V; or V, divided by the corresponding
experintental vield displacement. It should be noted that, although part of the stiffness
increase results from the steel jacket. early bond failure in the longitudinal reinforcement
of columin 1 has contributed to a smaller estimation of lateral stiffness for that column.

The response of column 6 after retrofit with a steel jacket and a strengthened footing,
shows remarkably stable hysteresis loops up to g = 7 which corresponds to a drift ratio
(displacement divided by height) of 5.3% (see Fig. 6{c)). The column exhibits the high
energy absorption and small degradation of peak lateral force upon recycling to a given
ductility lovel. Peak lateral forces at u > 3 exceed V), as a result of strain-hardening of the
longitudinal reinforcement, Low cycle fatigue fracture of longitudinal reinforcement which
ovcenrred dming the first eycle to g = ¥, is accompanied by comparatively rapid strength
degradation, although good energy absorption capacity is maintained. ’

Column 5, with a partial retrofit detail, perforined as expected te. with a bond
failure at the lap-splice at g = 1.5, The soft styrofoam wrap acted as cushion to aliow
ditation of cover concrete and relative slip hetween the main reinforcement and starter
bars to occur. It was however possible to displace the column to drift ratios exceeding 5%
without affecting vertical load carrving capacity. Without complete loss of cover concrete,
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strenpth degradation was less rapid than column 1.

Lateral foree displacement hysteresis loaps for colunins 3 and 1 which used continuous
reinforeement are shown in Fig. 7. Colomn 3 was tested as-built’ and showed much
improved performance over eolumu 1. Spalling of the cover concrete was initiated at g — 1,
hut the response remained stable up to g = 4. Final failure did not oceur until g = 5.
wihen compression buekling of the longitudinal reinforcement destroyed the integrity of the
concrete compression zone cansing rapid strength degradation. The hysteretic Inops however
show good energy dissipation.

The retrofitted column 3 behaved essentially the same as column 6 with stable res-
ponse up ta bigh duetility levels (see Fig. Tib) ) Failure again resulted from low-cyele fatigne
of longitudinal reinforcement. Failure ocenrred after two eveles to a maximom displacement
of £.7 inchies, corresponding to g = 8 or a drift ratio of A/L = 6%,

Hysteresis loops for column 1 after repaired with a steel jacket are shown in VFig.
S, Lhe behavior is not as gowd as column 6. but is greatly improved over the initial
petfortance indicated in Fig. 6(a). The theoretical moment capacity was exceeded at
po= 30 and degraded comparatively slowly at larger displacements, The degradation of
fateral load was caused by relative sliding between the main reinforcement and starter bars,
At jo = 6, corresponding 1o a drift ratio in excess of 5%, the lateral strength is still more
than 70% of thearetical ultimate. Note, however, that the energy absorption capacity, as
represented by ie area within the Joops. is less than 50% of that for the retrofitted (as
distinet from repaired) column,

Fig. 9a) and (b} show the load-deflection envelopes for all six columns. It can be
seen that a substantial inprovement in column performance was achieved using steel jacket.

Load-Deflection Response of Rectangular Flexural Columns

Hysteretic responses of the rectangular columns in the strong axis direction are shown
in Fig. W{a)-(d). The notations on these plots are 1, for lateral load at first yield of the
extreme tensjon steel, and Vy, for the wdeal capacity calenlated using the ACT equivalent
stress block, The response of "as-built’ rectangular column is very similar to that of circular
column i.e. with a bond failure at the lap-splices of the main reinforcement. Even though
testing of the ‘as-built” rectangular column in the weak direction has been completed, the
plot of the hysteretic response is not available at the tirne of writing this piper, and therefore
will not be discussed. The ideal capacity of the column in the strong direction is estimated
to be 78 Kips, but could not be reached by the column. Bond failure occurred prior to
reaching g = 1.5, and subsequent response was characterized by rapid degradation with
very narrow energy loops,

With an elliptical jacket, the column showed a substantial improvement in the load-
deflection response. The ideal capacity of the original column was exceeded at g = 1.5
Significant increase in lateral load was subsequently noted. The maximum load recorded
was 106 kips, which was the same in both push and pull directions. Unlike the circular
columns with cylindrical jackets which failed by low-cycle fatigue fracture, the final failure
of rectangular column was caused by bond failure at the lap-splice of the main reinforcement.
Strength degradation due to relative sliding between main reinforcement and starter bars
was minor and was not signilicant until after 4 = 7. The presence of the elliptical jacket
restrained the spalling of cover concrete, and therefore allowed a more gradual degradation
of strength. Hysteretic loops showed a rather impressive dissipation of energy by the column.
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The hysteretic response of column 3 which uses a bolted system of retrofit using
‘built-up’ steel channels (see Fig. 5(c)) is shown in Fig. 10(c). Stable response was observed
up to 4 = 6, after which bond failure at the lap-splices was again the cause for strength
degradation. [deal capacity of the original column was exceeded at u = 1.53. Maximum
load recorded was 97 kips in the push cvcle at u = 4, and was only 9% lower than that
observed for column with an elliptical jacket. Even though the response is satisfactory, the
maximum drift ratio of 2.7% Is significantly less than with the elliptical jacket.

Column 4 with a stiffened rectangular jacket indicated an earlicr and more rapid
degradation of strength when compared to the previous two methods of retrofit (see Fig.
10{d)}. Even though there was no difficulty in attaining the ideal capacity of the original
column, the enhancement in displacement ductility was rather small. The dependable drift
ratio was about 1.9 %. A peak load of 92 kips was observed during the first push cycle to
4 = 4. but rapid reduction in stiffness and load soon followed in subsequent cycles to the
same displacement.

Fig. 11 shows the load-deflaction envelapes for the rectangular columns loaded in the
strong axis direction. In this diagram, 'San Francisco 1’ refers to retrofit using 'built-up’
steel channels and 'San Francisco 2’ refers to retrofit by stiffened rectangular jacket. It can

be seen that the elliptical jacket provided the optimal method of retrofit for rectangular
columns.
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Figure 11: Load-Deflection Envelopes for Rectangular Flexural Columns

SHEAR COLUMN TESTS

Shear Column Details

The shear retrofit program involves testing of 6 circular columns of the same diameter
as that of the flexural columns and 6 rectangular columns of a smaller cross-section (24
inches x 16 inches), when compared to its flexural counterpart. The aspect ratios for the
column as defined by, M/(V D), are 2 and 1.5, where M and V' denote the moment and
shear force, respectively, and D represents the diameter of circular column or depth of
rectangular section. In addition to the difference in aspect ratios, the following parameters
are varied between columns: (i) longitudinal steel ratio, (ii) axial load level, (iii) yield
strength of longitudinal reinforcement, These variations are summarized in Table 3 and 4.
Only circular columns C1 and C2. and ’as-built’ rectangular column R! have been tested
to date.

A different test setup is used for the shear columns. The lateral load mechanism
consists of displacing the column in double-curvature with the point of inflection occurring at
mid-height of the column. A stiff loading arm connects the top of the columa to a horizontal
double-acting actuator located at mid column height. Loadstub rotation is minimized by a
load-balancing system which is designed to compensate for the weight of the loading arm.
The axial load is applied to the column using the same high-strength flexible rods, as for
flexural columns. The shear test setup is shown in Fig. 12,

Continuous longitudinal reinforcement are used in all shear columns i.e. without
lap-splice in the potential plastic hinge regions. Fig. 13 shows the reinforcement details for
a circular shear column. Longitudinal and transverse steel for the first two pairs of circular
columns ate the same as that of circular flexural column. Steel area will be increased to
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Figure 12: Shear Test Setup

Table 3. Test Matrix for Circular Shear Columns

Test Unit | Longitudinal Steel | Axial Load | M/VD Retrofit
€1 Grade 40 133 kips 2 No Jacket "As-Built’
2 Steel Area = 23 % | 133 kips 2 Cylindrical Jacket {3/16™)
€3 Grade 40 400 kips 2 No Jacket "As-Buailt’
C4 Steel Area = 2.3 % | 400 kips 2 Cylindrical Jacket (3/167)
Ch Grade 60 400 kips 1.5 No Jacket 'As-Buit’
C6 Steel Area = 4 % 400 kips 1.5 Cylindrical Jacket (3/167)

4% for the third pair of columns and Grade 60 steel will be nused. Main reinforcement for
the first two pairs of rectangular columns consisted of 22 # 6 bars uniformly distributed
around the column. A similar increase of steel area to 4% shall be made for the third pair
of rectangular columns.

Retrofit of circular columns involves encasing to almost the full height of the column
with a 3/16 inch thick cylindrical jacket. A vertical gap of 1 inch is provided between
the jacket cutoff and the adjoining footing or loadstub. The same 1/1 inch grout gap is
used between the jacket and column. Elliptical jackets of 28 inches by 24 inches outside
dimensions in the two principal axes will be used for retrofit of rectangular columns.

Load-Deflection Response of Circular Shear Columns

Lateral load-deflection hysteresis loops for the initial "as-built’ circular column are
shown in Fig. 15 (a). The lateral forces corresponding to the theoretical ultimate flexural
strength of the column, V;, and at first yield of extreme tension reinforcement, V,, calculated
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Table 4: Test Matrix for Rectangular Shear Columns

Test Unit | Longitudinal Steel | Axial Load | M/VD Retrofit
R1 Grade 40 114 kips 2 No Jacket 'As-Buily'
R2 Steel Area = 25 % | 114 kips 2 Elliptical Jacket {3/16")
R3 Grade 60 114 kips 2 No Jacket "As-Built’
R4 Steel Area = 2.5 % | 114 kips 2 Elliptical Jacket (3/16")
R5 Grade 60 400 kips 1.3 No Jacket 'As-Built
R6 Steel Area = 4 % 400 kips 1.5 | Eliptical Jacket (3/16")

using the Mander model for confined concrete [7}, are shown by dashed lines in these figures.
In addition, the theoretical shear capacity predicted by the ACI [&] is included as linked
line.

The 'as-built’ circular shear column exhibits relatively stable response up to dis-
placement ductility factor u = 2. Flexural cracks were deeply inclined indicating the strong
influence of shear. Web shear cracks appeared at 4 = 1 near middle portion of the column,
independent of flexural cracks which tended to concentrate near the column ends. The
crack pattern was remarkably symmetrical about mid-height of the column. Although the
theoretical flexural capacity (Vp= 119.4 kips) was reached at 4 = 1.5, the column failed in a
brittle manner during first push cycle to 4 = 3. The maximum load attained was 129 kips
which is considerably higher than the ACI shear strength prediction of 71 kips. Final failure
invoived a major diagonal crack initiated from crushing of concrete in the compression zone
in the upper region of the column. The final crack pattern is shown in Fig. 14{a).

The hysteretic response of circular shear column after retrofit shows an impressive
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increase in displacement ductility and energy absorption (see Fig. 15(¢}). Displacement
to ductility factor 4 = 10 or drift ratio of 4.37% was possible without serious strength or
stiffness degradation. In addition to spalling of column cover concrete within the 1 inch
gap, minor shallow splitting was observed on top of the {coting. The theoretical flexural
strength, V,, calculated using vield strength of the main steel, was 127 kips. This [oad was
first exceeded at yu = 2, about the same ductility level when strain-hardening was noted
to occur in circular flexural column. The maximum lateral load recorded was 162 kips.
occurring at peak displacement in the first push cycle to 4 = 10. Test was discontinued
after three cycles to u = 10. as displacement is limited by the travel range of the vertical
load follower. Note that the experimental displacement for retrofitted column is larger than
the vield displacement for the 'as-built’ column. The increase is due to the extrapolation
of displacement to theoretical ultimate flexural capacity which is higher in the case of
retrofitted column.

Load-Deflection Response of 'As-Built’ Rectangular Shear Column

The lateral load-deflection hysteretic response for rectangular column R1 loaded
in the strong axis direction is shown in Fig. 15(b). Although the theoretical ultimate
flexural capacity of ¥, = 118 kips was achieved at displacement ductility factor 4 = 1.5, the
degradation of lateral load was significant during the three cycles to u = 3. Considerable
spread of bond cracks and inclined shear cracks had developed by this stage and had affected
the lateral strength of the column. Final failure occurred at 4 = 3 when concrete crushed
in the bottom compression zone and a major diagonal crack propagated through the lower
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region of the column, destroying the vertical load carrying capacity of the column. The
final crack pattern for as-built® rectangular column is shown in Fig. 14(b).

CONCLUSIONS

Cylindrical steel jackeling of the potential plastic hinge region has been shown to
enhance the flexural strength and ductility of tall circular columns. A dependable drift ratio
exceeding 5% is available. For circular columns with small aspect ratio, brittle shear failure
can be avoided by encasing over the full height of the column with cylindiical steel jacket.
A stable and ductile plastic hinging can be developed in the column, providing drift ratio
of at least 4%. Elliptically shaped steel jacket appeared to be best suited for providing
confinement to column concrete in the potential plastic hinge region of tall rectangular
column. Although the test program is incomplete, elliptical steel jacketing is considered the
best option for shear retrofit of squat rectangular column.
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STUDY ON DUCTILITY ESTIMATION OF FIBER MIXED RC MEMBERS

S. Kobayashi (I)
K. Kawano (I1)
K. Morihama (III)
H. Watanabe (III}

SUMMARY

¥Ye are currently carrying out the study to improve the ductility of reinforced
concrete members by mixing the fiber in concrete from 1589. In this study the
bending test of fiber mixed reinforced concrete beams by reversal static loading has
been done. From the test resulis obtained so far, it is shown that the ductility
of flber mixed reilnforced concrete beams is larger than thet of norsal reinforced
concrete beams. And It 18 shown that the ductility factor of fiber mixed reinforced
concrete beams can be calculated 1if the tenslle strength and ultimate compressive
strain are kuown.

1. INTRODUCTION

Japanese Earthquake Resistant Design Specification for Road Bridges has been
revised this year. It requires to design bridges not to collapse in 1.06 horizontal
ground acceralation. Bridge piers which can't bear such a strong inertial force
theoretically are required to have enough ductility to absorb the dynamic energy. It
is mentioned that the Inertial force acting to the concrete members can be reduced
according to the following formula in the specification;

pra b
¥2u-1 {eq. 1)
where, P : restoring force of the elastic member
P' : restoring force of the elasto-plastic member

7 : ductility factor (Figl.1)

Thus, 1t Is very important to ensure enough ductility for the concrete wmembers
resistable against a strong ground acceralation without losing their strength. But
as concrete Is brittle material. scme concrete structures can not possess requested
ductility.

The purpose of our study iIs to develop reinforced concretie members ductile enough
to survive a very strong earthquake. There are some methods to improve the ductility
of reinforced concrete members. To reduce amount of tensile reinforcement is the
most simple method to improve the ductility, but since the strength of member
reduces, it 1s not an appropriate method,

In Lthis study, we trled to Improve the ductility of reinforced concrete members by
mixing fiber into the concrete. As fiber mixed concrete can transfer tensile stress
after tension crack occurg in concrete, the shear sirength and, thus, the ductility
of fiber mixed reinforced concrete meabere will be greater than that of norsal
reinforced concrete. But It 1s very complicated to estimate the ductility of members
which fall by shear and bending together. Thus we discuss the ductliiity of reinforced
concrete members which fail by bending alcne in this paper.

2. CHARACTERISTICS OF FIBER REINFORCED CONCRETE

(I) Director, Geology and Chesistry Department, Public Works Research
Institute(PERI), Ministry of Construction. Tukuba, Japan

(I1} Head, Concrete Division, Geology and Chemistry Department, P¥RI.

(I1I) Research Englneer ,ditto



Generals

The most common method used in Japan to calculate the ultln&i? strength and
ductility of relnforced concrele mesbers was proposed by Ohta{1980)"’. This method
Is now adopted In the speclfication for highway bridge in Japap after some
modifications. If we can use this method to calculate ultimate strength and
ductility of fiber mixed retnforced concrete members, it is very convenient to design
concrete members.

But 1t seems thal we can't use this meihod directly., because fliber mixed concrete
has the folliowing propertiles ;

(1) Compressive ductility Is larger than that of plaln concrete.
(2} Tenslle strength Is not zero after tension crack occur.

We have to take account of these properties to estimate the ultimate strength and
the ductility of fiber mixed reinforced concrete members. Especlally, the values of
compressive ductility (ultimate compressive strain) affect calculated ultjimate
curvature of cross sectlion, and the values of tenslle strength of conicrete affect the
location of neutral axis and resistable bending moment of cross section of reinforced
concrete meabers In the design.

In this chapter we discuss the compressive ductility and tensile strength of fiber
alxed concrete.

Mix Proportion of Fiber mixed concretle

We used three types of fibers(Photo.1), of which mechanlcal propertlies are shown
in Table 2.1. The volume percentage of fiber content In concrete was varied from 0%
to 2X. Water cement ratio of concrete was flxed ar 50%, 60%, and 70%. Unit waler
contenl s so determined that the slump of concrete which contains 1% of fiber became
about 8ca. Thus the concrete which contains more than 1% of flber had less slusp.
The maximum size of aggregate was lO0mm.

Compressive Toughness Test of Fiber Mixed Concrete

We carried out the compressive toughness Lest of fiber mixed concrete. The slze
of cylinder specimens was g10cme20ca. The compressive sirain of speclaens was
measured with a compresso meter. Teflon sheets were attached at the both ends of the
concrete cylinder to eliminate the friction between the specimens and the loading
plates. It we don'& resove this frictlon, the toughness would be measured larger
than the actual value ).

The test results of compresslve sirengih of fiber mixed concrete 1s shown {n Table
2.3. The difference of compresslve strength from plaln concrete was very littie.

The compressive toughness coefficlent 1s wusually defined as the _ average
compressive strength from 0% compressive strain to 0.75% compressive strain™’. But
according to thls meihod, the value of compressive toughness coefficlent Is affecled
not only by the compressive ductility of concrete, but alsc by the compresslve
strength of concrete. The compressive toughness coefficient of brittle high strength
concrete may be bigger than that of ductile jow strength concrete, Therefore, we
used the other index to express the compressive ductility of fiber mixed concrete.

¥We compared the compressive strain of fiber mixed concrete at the point where the
compressive stress 1s B5X% of compressive strength of concrete(f o g5)(Flg.2.1). The
result of £ go of fiber slxed concrete 1s shown In Flg.2.2.

The reinforcing effect with the fibers to concrete became more clear in the case
of low strength concrete than the high strength concrete. In other words, large
asount of fiber 1s needed to make the high strength concrete ductile. This tendency
is the same in any kind of the fiber used In this test.

Flexural Strength Test of Fiber Mixed Concrete

It is very iaportant to S?tilate the tensile strength of fiber mixed concrete.
Many types of testing method” ' are proposed to measure the tensile strength of fiber
aixed concrete. But measuring the tensile strengih of flber mixed concrete directly
15 so difficult that we carried out the frexura' test In this study and tried to
calculate the approximate value of tensile strength from the flexural strength. The
specimen was 10caslOcas40cm prism. With the assumption of the stress distribution
in the cross sectlon of concrete prisa as shown {n Fig.2.3, the bending moment |ip
the mid-span of concrete prisa would be expressed as follows.
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N - 0.408sx%ebefc’ + 0.5e(d-x)%ebeft; (€§.2)
where,
: bending moment in the mid-gpan (kgfecm)
: helght of the cross sectlion of specimen {ca)
. width of the cross sectlon of specimen (cm)
: distance from extreme compression fiber to neutral axis
(cm)
fc' : compressive strength _of fiber mixed concrete obtalned
from the test{kgf/cm“)
ftl . approximated tenslie sirength of fiber mixed concrete
vhen thg width of tension erack equals 10 2e| ma.
{kgf/cm™)

oo

¥hile bendlng the concrete specimens, the tension crack accurs in the mid-span.
And the plastic hinge is formed. The deformation of the speclmen 1s modeled as
Ftg.2.4 with the assumplion that only one crack is formed. The width of tension
crack may be represented as follows.

w s (d-x)e8 teg-3.1)
9,; STsl/(1e(L-1)) (13.3.2)
&= 2ele§/L (eg.].))
where,

w : crack widih (cm)

& : displacement measured by the tranducer at the center of the specimen (cm)
5’ : displacement at the crack point of the specimen (mm)

The approximate tensile strength of [iber mixed concrete calculated from these
equations 1is shown In Fig.2.5, according to the procedure described in Table.2.5.
The tenslle strength increases as the fiber content increases. But the rate of the
increase became smaller as the flber content increases.

3. LOADING TEST OF FIBER MIXED REINFORCED CONCRETE MEMBERS

Test speclmens

As shown In Fi1g.3.1, all of the specimens were reinforced concrete beass with the
same cross section and the same amount of reinforceament which were designed to lend
the faflure In flexure. The ratio of shear span length to effective depth of the
beam was 3.5 for all epeclmens. The mix proportion of the specimens are shown In
Table.3.1.

Loading prugram

The static loading i1est was carried out for all specimens by the displacement
control. The specimen 1 to 3 were loaded monotonlcally, and other specimens were
loaded cyclically. The progras of cyclic loading Is shown Fig 3.2.

Test resuits

Hysteretfc behavior of fiber mixed reinforced concrete beams are shown Iin Fig.3.3,
and fallure patterns of specimens are described in Table.3.2. Fiber mized reinforced
coacrete beams which were loaded monotonically had large ductility. In this test,
a1l of the specimens had enough amount of web reinforcement, and so the shear fallure
of the beams did not occur In the case of the monotonlc loading test,

The ductility of fiber mized reinforced concrete beams was larger than that of

noraal reinforced concrete beam in the cyclically loading test.

But compared to the beams loaded monotonically, the ductility of the beams loaded
cyclically was emall. The fallure occurred in tensile reinforcing bar or fallure of
concrete in compression and consequent buckling of compresslve reinforcing bar.

Analysis of Ductllity of Fiber Mixed Reinforced Concrete Beass
We calculated the ductility factor and the ultimate astrength of fiber aixed




relnforced concrete beams according to Ohia's method. The assumptions in the
calculation were as follows;

(1) The ultlmate compressive strain of fiber mlxed concrete Is equal to &p.a5 whlch
15 obtained from the compressive strengih test of concrete. )

{2} The tenslle strength of fiber mixed concrete 1s ft, which Is calculated from the
flexural test.

{3) The stress distribution In cross sectlion of the bepsms is assumed to be described
as Fig 3.4.

We calculated the displacement (§) at the center of the beam. The ductility factor}.l

is defiped as the following form.

Su
e (eq. 4)
] " eq

where & y; the displacement at the center of the beam when the
tenslile reinforclng bar yleld
Su: the displacement at the center of the beam when the
strain of concrele reaches to ultimate compressive strein

Measured and calculated ductilliy Ffactor is shown In Table.3.3. We also
calculated the ductility fector of the beams wlth the assumplicn that the ultimate
compressive strafn of filber mixed concrete is equal to 0.33%. The results of
calculation are shown in Table.d.4. The calculated ductility factors correspond well
to the measured ductility factors when we use the & p.g5 a5 ultimate compressive
strain of concrete, while 1t 1Iis not the case when we used 0.33%, where we
underestimated the ductility factor of fiber mixed reinforced concrete beams. Since
the tensile stress of fiber mixed concrete is not zero after tenslile crack has
occurred in the concrete, the ratfo of tensile relnforcement of the beam appear to be
increased apparently by mixing fiber In concrete, and the dlistance from extreme
compression fiber to neutral axis of the cross section of the beams becomes longer.
Thus, if we use the 0.33%, the calculated curvature of the cross section of the beaa
in the ultimate state becomes smaller as the tensile strength of Fiber mixed concrete
becomes higher. Therefore the Increase of ultimate compressive strain of the
concrete by sixing fiber into concrete must be taken jnto account to calculate the
ultimate deforsation of the fiber mixed relnforced concrete beams,

Calculated and memsured ultimate load and yield load are shown in Table.3.S. The
calculated 1o8d is smaller than the mecasured load. The reasons of this are thought
to be as follows;

(1) We neglect the effect of strain hardening of reinforcing steel.

(2) The tensile strength of fiber mixed concrete i{s higher than that used in the
calculation.

(3) The ultimate compressive strength used Lln the calculation 18 85% of the
compressive strength obtalned by the test.

But the difference between the calrulated value and the measured value 1s small
and the calculated value ls on the s. y side, that mekes no problem practically.

4.CONCLUSION

The following concluslons are obtained froa this study;

(1) The compressive ductility of fiber mixed concrete becomes larger as flber
content In concrete {ncreases.

(2) it is possible to estimate the approximate value of tensile strength after the
tensile crack occur in the fiber mixed concrete.

{3) The ductility factor of fiber mixed reinforced concrete beams can be

calculated by means of Ohta's method. But the ultimate compreselve strain and the
tensile strength of fiber mixed concrete have to be determined by the test.
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{4) Even If flber is mixed in the concrete, the buckling of compressive
reinforcement in beams under bending load can't be prevented.
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Table. 2.1 Specification and mechanical properties of fibers

Fiber Steel fiber |Stesl fiber ] Aramid
a b {iber

Cross section(ma) ¢ 0.4 Jo.s $0d
Length(am) 30 0 0
Aspect ratio 50 $0 15
Specific gravity 7.8% 7.8% 1.9

Tensile sirength
(kgi/mn") 120.8 71.3 300.0

Young' s modulus
(kgl/m") 21400 21000 1000




Steel fiber a

Araaid fiber

Photo.1 Fibers used in this study
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Fig. 2.1 Definition of s.aa of fiber mixed concrete

Legend

@ Stecl fiber a ~—~—=1/C=0. 5
QO Steel fiber b ——— W/C=0.6
> Aramid fiber ——¥/C=0.17

Er.esl¥)

0O 05 10 15 2b
Fiber content(X)
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Table. 2.2 Mix proportions of libcr mixed concrele

Nater Fiber. s/a |wvaler ceacnt sand gravel measured
Fiber | cement ratio | percent (kg/m*) -
(%) by volume | (%) | (kg/m*) | (kg/m®) | {kg/@*) [ siump |Air content
) 10ma~ Som (cm) (%)
__& | _220 1 48 1623 559 9.0 5 ¢
50 1.0 65 220 440 1006 550 8.0 52
- J20 b 220 4 440 989 | W) 5ol sy
Steel | o | 220 | 381 | 1083 580 1.0 5 3
fiber | _ 0.5 220 | 361 1 1054 518 1.0 30 _
B0 L0 Joes | 220 | 367 ] 1045 12 1.5 8.5 ]
. 15 220 361 1087 |57 _65 $1 |
e &0} 1 2w ] 381 ) 1028 | 62 1_4.8 43
R S 200 | 34 1091 %96 | 129 5%
70 .10 (1] 220 _314_ 1074 581 9 a4
N I 2.0 e 220 34 1057 18} 3.9 LI
50 1.0 65 220 440 1006 550 3 4 59
Stee] f——mven 2.0 o220 ] 440 989 54) 80 50
[il;f'f §0 o l;gk, 85 ,_Z;L_d 387 1048 5.”_ H ,,lLL, _._,i_ivi__.
b‘ g0 IR T 3 %67 _ ] 1028 ] 382 §.3 [ ]
10 Lo 5 220 L 314 ) o004 %} &5 [ 48
e , }._ 20 220 ) 3W0_ ] 1051 [ 418 P I D T
50 _ 0.5 65 240 a0} 958 524 12,1 1 41
Aramid 10 — 240 430 950 520 1.6 5.2
fiber €0 0.% 65 240 400 1002 548 10.3 R
_ _ 19 _p 40 1 400 )} 994 543 1 136 | 40 ]
2 IS (R N 7T B T I T2 BT R A T Y
L 1.0 240 363 1013 584 10.5 i.1

Table. 2.3 Results of compressive strength of fiber reinforced concrete specimens

(kgf/ca?)
kind of fiber water cement fiber content (X)
ratio (%) 0 0.5 1.0 1.5 2.0
steel fiber a §0 135 - 498 - 638
60 372 323 381 351 430
10 276 - 282 - 341
steel fiber b 50 - - 487 - 51§
60 - - 388 - £04
10 - - 343 - 318
aramid fiber 50 - $07 453 - -
60 - 365 357 - -
10 - 348 305 - -
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Table 2. 4 Procedure of calculating tensile strength of
fibre mixed cocnrete

calculate the approximate tensiie streagth (f.) and the location of
nuetral axis (x) from the eq. 2 and the eqation of equilibiliua of
furce in the cross section of the prisa.

{4

[ calculate the vidth{w} of tensile crack of the prism from eq. 3.1 ]

)

l for = fu, i=w/2  are delermined. ]

0.358fc

—
R ——

ft (constant)
assumed Stress real siress
distribution dislribution

Fig 2.3 Stress distribulion of the cross seclion of
fiber mined concrete spocimens in the

flexural test

I o ! o
I
L = 40ca
\d
. ’
RN
17T
P |
-

Fig. 2.4 Deformation wodcl of [iber mixed
corcrite specimens in bending



Legend
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Fig. 2.5 Approximatle lensile strength of

fiber mixed concrete

Table.§.1 Mix proportions of fiber mixed reinforced concrete beams

{kg/n")
Beam no. Yater Cement Sand Gravel Fiber Kind of {iber
144 220 361 1663 580 0 no fiber
217 220 387 1028 362 187 steel fiber A
LI I | 240 400 994 943 " aramid fiber
[ 220 367 1045 572 78.% steel fiber A
) 220 367 1037 566 111. 8 sleel fiber A
9 220 517 1023 362 1517 steal fiber B
200
[5 I E} unit (mm)
13
10
D = ) =
C 5 g
1 i B
200 | €@100=600 39200=600 € @100-600 J1200 LCJ
1155

Fig. 3.1

Dimension of beam specimens
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Fig. 3.2 Cyclic loading program

Table. 3.2 Failure pattern of fiber mixed reinforced concrete beams

Beam no. | Fiber used in | Fiber,
the speciaen percent by Failure pattern of the beam
volume

i no fiber 0.0 Compression fallure of concrete
occured in the compression zone.

2 steel [iber a .0 No failure occured within the
displacement amplitude 20¢Sy.

3 aranid fiber 1.0 No failure occured within the
displacement amplitude 2085 y.

d no fiber 0.0 Buckling of compression steel
occured at the 9th cycle of d4#d y.

$ steel fiber a 1.0 Failuer of tension steel occured
at the 8th cycle of 6§46 y.

) steel fiber a 1.8 Buckling of compression steel
occured at the 15t cycle of §8y.

1 steel fiber a 2.0 Failure of tension steel occured
at the 1st cyele of 18 y.

8 aranid fiber 1.0 Failure ¢f tensicn steel occured
at the 2nd cycle of 75 y.

] steel fiber b 2.0 Buckling of compression steel
occured at the 1st c¢yecle of 88 y.

strain distribution stress distribution
Es.on 0.854fc’

—

neutral axis

i

i,
Fig. 3.4 Assumed stress distribution in the cross section
of fiber mixed reinforced concrete beam
(uitimate state)
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Fig. 3.3 Load-Displacemet curves of beams




Beam no. 5

Beam no. &

111111

Beam no. 7

Fig.3.3 Load-Displaceset curves of beaas
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Beam no.S

e S L S r’/ 2k RN SRR S
-50 3
Displacement {wm)

Fig. 3.3 Load-Displacemet curves of beams

Table. 3. 9 Tensile strehgth and ultimste compressive
strain of fiber mixed concrete

Bean | Tensile strength JUltimate compressive strain
1. ﬁf/cn') {$10°%)

4 0.0 3300

B 3.68 5200

6 10. 48 6700

7 12.28 7300

B8 12.20 5800

9 13.02 5700




Table. 3.4 Calculatcd and mcasured duclility

{actors

(The values of ultimate compressive strain adopted
in the calcuiation arc showy in Table 3. 3)

Gcam Ductility Faclor Puctility factor
4 3. 02 3
5 4. 289 5
6 6. 47 5
7 6.93 6
8 4. 66 6
9 1. 63 g

Table. 3. 6a

Table. 3.5 Calculated and measured ductility

factors

{Ihe valucs of ultimatc compressive slrain adopted
in the calculation are assumed to be 0. 33X)

Bean Ductility Factor Ductility factor
9. {caleylated) — S

4 3.02 3

) 2.863 B

G 2.81 [

7 2.178 1

8 2.78 6

9 2,117 5

Mcasured and calculated yiled strength loads and

sltimate strength loads

{The values of ullimate comprossive sirain adopted
in lbc calculalion arc shown in lable. 3. 3)

Beam no. Yield strength load(ton) § Ultimale strength load{ion)
o} Mcasured JCalculatad Measured ) Calculated

4 3. B4 3. 77 3. 93 1. 02

5 4. 34 1. 00 4, 63 4. 28

6 4. 50 4. 04 6§.03 4. 42

7 4. 02 1. 08 5. 06 4. 62

8 4. 31 4. 08 1. 68 4. 35

9 4. 36 4. 10 4. 44 4. 38
Tatle. 3. 6b Mcasured and caiculated yiled strength loads and

ultimale strenglh loads

(The values of uitimale compressive strain adoptod
in the calculation are assumed to be 0. 33%)

Beae no. Yield strength load{ion) | Uitimate strengith load{ton)

Measurcd fCalculated Mcasured Calculated

4 3. 84 3.77 3.93 4. 02

5 4 34 4. 00 1. 63 4. 22

6 4, 50 4. 01 5.03 4, 26

7 4, b2 4. 0°F 5. 06 4. 32

8 4, 31 4. 08 1. 58 1. 32

9 4, 36 4. 10 4. 44 4. 34
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FFFECT OF CARBON FIBER REINFORCEMENT AS A STRENGTHENING MEASURL
FOR REINFORCED CONCRETE BRIDGE PIERS

Tetsuo Matsuda (1)
Takashi Sato (I1)
Hiroshi Fujiwara (I111)
Norimasa Higashida (1V)
Prese~ting Author: Norimasa Higashida

Summary

A new method of strengthening relnforca2d concrete bridge plers In
seismic regions is described. 1n this method, rather than using reinforced
concrete or steel tubes, carbon fiber is wrapped around the section. This
paper presents the fundamental mechanical properties of the carbon fibers
and the design concept of them applied to existing piers. The selsmic
resistance of the bridge piers with carbon fibers was evaluated through the
experimental investigation using scaled models.

Introduction

Generally, longitudinal reinforcing steel in the existing reinforced
concrete piers is curtailed {rom the viewpoint of e ficient bar
arrangement . 1t has bheen pointed out that under an (xtremely severe
earthquake loading, large amounts of damages may occur in plers above this
rapid change in reinforcement.

Recently, the regions of steel curtallment has been improved by
encasing the piers with reinforced concrete and/or with steel tubes.Instead
of the above materials. the authors have adopted the carbon fibers, which
were applied to columns in experiments and chimneys on site as reported by
Katsumata and Kobatake® #’, and they demonstrated their validity. This
improved method utilizes the excellent properties of carbon fibers such as
high strength, high modulus of elasticity and lightness. Therefore tLhe
method resulls in the following advantages; (1) very slight increcase in
weight and the shape-dimension (2) small change of rigidity (3} easy
construction and high durability.

This paper describes the fundamental mechanical properties®’ of carbon
fibers related with the earthquake-resistant reinforcement of piers and the
possibility of using carbon fibers+*’ for the improvement of the earthquake
resistance of the piers. Further, the paper demonstrates the experimental
results with a scaled model test, =’ ®’ which was conducted to verify the
validity of the method using carbon fibers for bridge piers.

(1) Manager, Structural Engineering Division

Laboratory of Japan Highway Public Corporation (JHPC)
{1II) Deputy Manager, Structural Engineering Division (JHPC)
(111} Deputy Manager, Structural Engineering Division (JHPC)
(1IV) Engineer, Structural Engineering Division (JHPC)
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Carbon fiber (derived from reference®’)}
Qutline

Ordjnary users of carbor fibers have been (1) aireraft manufacturers
and {2) sporting guods manufacturers.  Since the use of carbon fibers in
these areas is not large enough to satisfy the carbop fibers manufacturers,
the building construction and/or clvil engineering field is assumed a large
potential consumer.

Carbon fibers are still very expensive (approximately 100 times that of
steel per unit weight) and it seems very unlikely the price will
drastically fall by using the current production technique. In repair
work, however, Lhe cost of the material |s only a small percentage of the
total cost since the amount of material is very smal! and labor for the
work is considerably large. The percentage of Lhe labor cost and/or
preparatory work is much larger than material cost. Carbon fiber is
applicable to repair work from this point of view, Moreover, in usual
repair work, concentration is paid to; (1) the improvement of structural
performance, (2) retaining the functions demanded by the structure. Cost
is a secondary matter in any repair work.

Apart from rcepair work at this moment carbon fibers are being
introduced 1o newly built structures. The cost of carbon fibers prevents
it from being used for newly built structures though the remarkable
performance of carbon [ibers has been recognized among sume engineers.
Rescarch investigation on carbon fibers began in Japan and it shows special
promise, Tor exanple;

(1) offshore and/or onshore structures of high durability with carbon
fibers, and
(2) prestressing tendons using high strongth and modulus carbon fibers.

Products

Carbon fibers are composed of more than 90% carbon. In the fiber,
groups of carbon atoms are continuously connected in the directijon of the
fiber. Carbon fibers can be classified into many grades depending upon
mechanical properties and into two Lypes of fiber length. In this paper,
only HP (high performance} grade and continuous type carbon fiber is
discussed; where  the HP grade is a continuous type with a tensile strenglh
of 300kgf/mm* and a Young's modulus of approximately 24 tf/mm=. Fiber
tength is not limited and may be greater than 2 km.

The smallest unitl of this type of carbon fiber is called a
“monofilament” {see Fig. 1), which is a very fine fiber. A practical unit
bs called a "strand” and consists of 1000 to 12000 monofilaments. Strands
are usually impregnated with epoxy resin as described later. Other
practical product of carbon fibers is UD tape in which strands are
stretehed in oone direction, like a cloth.

Generally, we use the LD tape impregnated with resin to strenglhen

structures and also the strands impregnated with resin for transverse
reinforcement (see IFig. 2).
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Stress-strain relationship and impregnation with resin

The properties of HP grade caruvon fiber compared with those of steel
are shown in Fig. 3. Tensile strength, Young's modulus, welght densijty.,
and durability are strong polnts for structural material, but elongation is
so small. From an ideal stress-sirain relationship of these two materials,
it is seen that a carbon fiber has neither marked yield plateau nor
hysteretic energy dissipation, which are highly expected for steel. The
folluwing attention should be paid when using carbon fibers.

1] Use of carbon fibers is limited to the part where the significant
strength is required.

2} <Carbon fibers subjected to concentrated siress may easily rupture since
stress redistribution is not expected due to its brittle behaviour.
Some techniques to reduce stressconcenlration should be employved.

3) Carbon fibers are vulnerable to sharp edges, like a knife cut, and hence
some protection on the concrete surface is necessary.

One measure e reduce the siress concentration is to Impregnate the
carbon fiber strands or UD tape with resin. Non-impregnated carbon fiber
strands are very weak but impregnated carbon fiber strands are as strong as
monof i faments (see Fig. 4). We can estimate the strength of the
impregnated strand as the sum strength of the monofilaments. Also. the
arca of the strands is assumed 1o be equal to the net arca of carbon fiber
excluding the area of epoxy resin. The area of UD tape is defined in the
same manner as the impregnated strands.

Curing of resin

The retrofit technique utrilizes carbon fiber strands and tapes which
provide excellent flexibility and easy handling before the impregnating
resin is hardened. While carbon fibers are being impregnated with resin,
carbon fiber strands or tapes are glued or wound on the concrete surfaces.
Then the curing of resin on the concrete surface is started. Trying to
impregnate the carbon fiber strands after gluing or winding has been found
unreliahle.

In ordinary airplane or spourting goods factories using carbon fibers,
impregnating resin js cured at high temperaitures over 100" C for more than 2
hours. In the retrofit work for existing concrete structures. however,
such curing cannot be adopted at all. Therefore, the resin cured far 14 10
4 days (7 days at 20 C} under ordinary temperatures of 10 to 40 C has been
developed.  1TC (low temperature curing) type resin was used in this
experiment.

Sirengih of carbon fiber (strands) on beveled corners

When a  square {rectangular) column is retrofitted by transversely
winding, carbon fibers at corners may easily rupture. Therefore some
pretreatments, such as rounding the concrete corners, are necessary. In
order to investigate the influence of the radius R on the tensite strength
of carbon fiber strands. the foilowing tensile test was carried gut.,
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Each test specimen, as shown in Fig. 5, consists of two end
connections and two carbon fiber strands Impregnated with epoxy resin in
the same way as ordinary construction. The tesy parameters are of the same
dimension and shape as the end connections.

1) circle pulley connection: varying the radius R (R = 1, 2, 3 and 5 ¢m},
and

2} octagonal pulley conneclion whose angles are sharp:
corresponding to R = 0

An ordinary tensile test of carbon fiber strands was also conducted hy
employing straight (R = o ) carbon fiber strands. The strength
corresponding to the radius R = 0, 1, 2, 3, 5 ces and « were Lherefore
found.

The relationship between the radius K and tensile strength o o is
shown in Fig.6. The smaller radius, the lower strength; the scatter of the
test results was great. On the other hand, the strength of the test
specimens, with R = 3 and 5 cm were approximately 5% less than that of
erdinary specimens (R = « ); the scatter was also small. From these test
results it is concluded that the decrease in the tensile strength of carbon
fibers on corners can be ignored if the radius of the corner is 3 cm or
greater.

Earthquake-resistant retrofitting method+?

DBuctility oriented retrofitting

It is convenient to explain the behaviour of a structure during an
earthquake by using an energy rather than a dynamic force. In order to
improve the performance of structures subject to earthquakes, the increase
in strength {strength oriented Lype retrofitiing) or deformation capacity
(ductility oriented revrofitting) is considered. This is done to improve
the energy absorption (Fig. 7). The compariscon of the strength oriented
type method with the ductility oriented type method is shown in Table 1.
In the case of the strength type, accessories (such as signal guide sign}
are casily damaged as the response acceleration increase. Additionally
the increase of welght may have effects upon the foundation. On the other
hand for the ductility oriented type. the large displacement of the pier
may be a problem, however, the rigidity does not increase and the increase
in weight is small. Therefore, it is a feasible design option.

Retrofitting method

{1} Outline

The retrofitting methods with carbon fibers, for existing RC members,
are classified into the following two types: {a) "flexural strengthening”
improved shear strength by the increasing the main reinforcement by
iongitudinally glueing carbon fiber UD tape on the concrete surface (b)
“ductility improvement™ by glueing UD tape transversely (or spirally
winding carbon fiber strands onto the column surface). The combination of
(a) and (b) is also possible. As shown in Fig. 8, the duciility oriented
Lype method Introduced by Kobatake-Katsumata is that the pier is reinforced
in order that the base becomes vulnerable because of the increase in the
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strength type

ductility type

breaking point
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Fig.7 Strength type and ductility type

Deformation

Table-1 Comparison of retrofitting method
retrofitting increase response deformation
method of weight | (response remarks
acceleracion)

strength difficult
oriented type large small (large) maintenance for
(RC encasing) accessory
ductility slightly
ariented type small large (small) large
{ retrofitting deformation
with carbon fiber)
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yield strength at the top and bottom of the reinforcing termination polnt
by methods {a) and (b). Further, in the case of the small shear strength of
the base, the main reinforcement at the base ylelds in flexure in order to
improve a plastic deformation capacity (ductlility performance)(method
{b)). In this retrofitting method with carbon fibers, only the deformation
capacity (ductility performance! can be improved considerably without
increase of the induced seismic force. The retrofitting methods of (a) and
(b) are described below.

{2) IFlexural strength improvement

It has already been pointed out that under an extremely severe
earthquake loading, some existing piers may be damaged at the curtaiiment
position (Fig. 9 (a)). Therefore, the curtailment points &are strengthened
in order to increase the lateral load resistance of the whole pier.
Existing plers are lmproved by longitudinally glueing carbon flber UD tape
with epoxy resin on to the concrete surface. This means that increasing
main reinforcement provides sufficient flexural strength. 1In the case of
flexural strengthening, UD tape relieves the stress of the main
reinforcements at termination points. This is a kind of lap joint and the
carbon fibers transmit the stress through the cover of the concrete.
Therefore. the complete anchoring and bonding of the carbon fibers are very
tmportant.

The flexural strength after the pasting of the UD tape can be obrained
with standard bending analyses assuming plane section theory.

{3) Ductility [improvement

In this case UD tapes are glued in an upward direction by hooping (or,
strands are winded spirally). This means that the increase of hoop
compression improves the shear strength by confining the concrete. In Lhe
existing picrs, therc are many cases where not only is the bending
strength insufficient, the ductility is also small because of the small
amount of hoops and shear strength. In addition to the above flexural
strengthening, the ductility Is improved by providing the increase of shear
strength which leads to the flexural failure at the pier bottom (Fig. 9
(b)) .

Load test®’®’

Qutline of the experiment

{1} Specimen

The list of specimens is shown in Table 2. The scale of the specimen
was one-third of the actual size of bridge piers (sectlon of 1.2m x 1.8
and the height of about 8m) of the Tomel Expressway. The longitudinal
reinforcement and the hoops were D16, D10 (SD30) and ¢ 6mm {SR30) with
200mm spacing respectively. The dimensions and bar arrangements in the
specimen and the load test configuration are shown in Fig. 10 and Fig. 11
respectively. The properties of the materials used are shown in Table 3.
The experimental paramelers are presence, classification and area of the
retrofitting of the termination of reinforcement and the quantity of shear
reinforcement at the base. Further, as for shear reinforcement, both
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pasting and winding methods of application were compared.

Specimen No. 1 was a typical existing pier model with termination of
the main reinforcement. The position of the termination was 90cm above the
base and half of the longitudinal reinforcement was curtailed there.

Specimen No. 2 was encased with a steel plate sheath (1=2.3am, S$S41).
The length was 1.5D (600mm}. It was placed 1D (pier width in bridge axis
directien: 400mm) above to 0.5D (200mm) below the termination peints.
These plates were connected with epoxy resin and bolts.

Specimen No. 3 was reilnforced with two UD tape layers {175g/m? per
layer; total: 350g/m*} in both longitudinal and trarsverse directions.
The layers were glued with an epoxy adhesjve agent and had the total length of
900mm which was about 1-D (450mm including additional length of 50mm} at
both the upper and lower sides of the termination points.

Specimen No. 4 was reinforced with two UD tape layers in the
longitudinal direction (175g/®2 per layer; totat: 350g/m*). They were
glued with an epoxy adhesive agent in the total length of 550mm {300mm
above and 250mm below the termination point respectively). The bottom
1200mm of the pier was provided transversely with strands (2.5mm spacing).
The longitudinal reinforcing length of specimen No. 4 was smaller than that
of No. 3, but the length of transverse reinforcing was over the bottom
650mm of the pier.

Specimen No. 5 had two layers of transverse UD tapes (175g/m2 per one
layer, total: 350g/m#?), which were glued with epoxy resin onto the
specimen. The reinforcement was not curtailed in this specimen and UD
tapes extended to 600mm from the base.

Specimen No. 6 without the termination point was reinforced by
strands (pitch: 5.0mm) in the area of bottom 600mm of the pier. The
reinforcement quantity was one half of that of No. 5.

The difference In the repair techniques and the reinforcing effect was
confirmed by specimens Na. 1 to No. 3. Next, the length, quantity and
method of the retrofitting with carbon fibers at the curtatlment point were
investigated by specimens No. 1, No. 3 and No. 4. Further, the length,
quant ity and method of the retrofitting with carbon fFibers at the base were
evalualed by specimens Na. 5 apd Ko, 6. Since quantitative data is
necessary for the shear design of the base, reinforcing quantity at the
base in specimen No. 5 was reduced to one half of that of Nu. 6.

(2) lLoading

The load was applied to the pier with the base fixed to the reaction
floor. The Joading hystercsis was decided depending upon the measured
strain of the main reinfercement. After several loadings with the
predetermined tensile stress of the reinforcement, a repeated loading
regime was performed with displacement amplitude of integral multiple of
the yiclding displacement-6 ¥ of the reinforcing bars 6 y,26 ¥, ...},

The details of the loading hysteresis arc shown in Fig. 12. In the
Ist eycele, a crack Initiation load was given. At the 2nd or 3rd cycles, a
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Horizontal force

Table 3 List of the material strength

Reinforcing bars, (kg-/cm?) Di6 3770 (5480)
Yield strength (tensile strength)
D10 3760 (5350)
%5 3370 (4430)
Compressive strength of concrete Footing part 362
{kgf/cm=)
Pier part 296
Carbon fibere (kgf/cm?) UD tape 28000
{Tensile strength) Strand 29100
¢+ Evaluated with the actual sectional area
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load corresponding Lo the allowable steel tensile stress (g « =

1800kef/cm?) was applied. At the 4th or 5th cycles, a load corvesponding

10 the stee] tensile stress (o = 2700kgf/cm?) during earthquake was
applied. Cyeles 6 to 8 were carried out to a reinforcement yield stress

of §y. In addition the following loads were given respectively: 2& y at
cycles 9 to 1, 38 v oat eveles 12 to 14, 48 y at cycle 15, 58 y at cycle

16, and 6& ¥ at cycle 17, Lp to cycle 5, the testing was load controlled,
then the displacement control was introduced. The constant axial rcompressjon
of' 14.4 ton was applicd in any casc.

Fxperimental results
(1} Loading condition

The list of experimental resulis 1s shown in Table 4. Both the
load-deformalion relationships and cracks at the end of the experiment are
shown in Fig. 13,

von-strengthened specimen (Specimen No. 1)@

At 2o y the main reinforcement above the termination point yielded,
and the cracks propagated there. At 38 vy, the concrete was expanded in the
horizontal direction due to buckling of the compression reinforcement above
the termination point during the first cycle to this displacement, then the
sustained load decreased. At the termination point, the spalling of the
cover conerete and buckling of the compression main reinforcement was
uhserved.,

Specimen with steel plate (Specimen No. 2):

Flexural cracks grew just below the reinforced section during the
repeated loading to 248 v and the steel plate yvielded, and the sustained
load decreasced.

Rejnforced specimep with curtailment (Specimen No. 3):

tlexural-shear cracks occurred below the reinforced section during
loading to 48 y, and a part of the UD Lape was damaged with the growth
of the cracks. The sustained load also decreased.

Reinforced specimen with curtailment {(Specimen No. 4):

Since the s rengthened region was reduced, the main reinforcement
yielded just above the strengthened area, and the main reinforcement of the
base yiejded simultaneously. When the load increased up to 48 ¥, the bond
of the UD tape with the concrete failed and the sustained load decreased.
Further, with an increase of the Joad, large flexural cracks occurred on
the jower end of the strengthencd region of the UD tape, and the expansion
of the concrete around the cracks initiated at the last cycle to 64 y.
However, at the deformation up to 76 y, the reduction of the sustained load
was rather small. The carbon fibers failed only at the part of the
strands.
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Table 4

Experimental resulls

Classifi-iCracking load {(tf)| Yielding load (tf)| Maximum load (if)
cation of e o
specimen |[Load [Displacement {boad |Displacement [lLoad [Bisplacement
(1) (mm} (e (mm) (L) (mm}
SNoL 2.8 2.1 10.4 20.6 11.5 61.7
A S - -
NoL 2 3.0 2.1 [2.0 24.4 13.2 53 .4
NoL 8 2.5 1.9 12.4 26.0 13.9 nh.4d
| e —
Mo, 4 2.5 1.4 12.7 27.3 13,7 53.7
NoL oo 2.4 1.8 11.9 22.0 15.5 244 .2
‘oo 6 2.5 1.9 13.2 28.3 13.9 52.1
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Specimen with reinforced base (Specimen No. 5):

Specimen No. 5 sustained the load up to 1168 y (the maximum capacity of
the ioading apparalus). Though Lhe concrele of the base of Lhe piers was
subbject to tocal damage, the concrete covered with the UD rape did not
ffail .

Specimen with reinforced base (Specimen No. 6):

The main reinforcement yielded at tne base, and the cover concrete
began Lo swell due to the buckling of the compression reinforcement of the
base at the descent load cycle to 58 y.  The behaviour was different from
that of specimen No. 6 where the carbon fiber strands of the swelled part
failed, and simultanecusly the sustalned ioad decreased. Wwith further
loading, moest of the carbon fiber strands in the distance of I) from the
base failed,

(2} Lurvatere ratio

Specimen No. 1 had the maximum curvature ratio at the base during the
loading of 16 y, while the curvature at the termination point was maximum
after the loading of 26 vy.

In specimen No. 2 the curvature of the reinforced area was minimum up
Lo the load of 26 y. However, later the curvature just below the
reinforced area was maximum at the load of 368 v.

In specimen No. 3, il was found that the curvature changed on the
lower side of the reinforced area after 28 y. After 46 y. this behaviour
became remarkabie, and then failure was obscrved.

¥hen specimen No. 4 1s compared with specimen No. 1, it is found that
the curvature of specimen No. 4 [s smaller than that of specimen No. 1
probably because the termination point of specimen No. 4 was reinforced.
However., just below (300 to 500mm high) the reinforced area with UD tape,
the curvature of specimen No. 4 was larger than thai of No. | specimen.
The curvature of specimen No. 4 at the base was larger than that of
speciemen Ao, 1. And, the curvature at the areca higher than 139cm was
almas? zero. This means that a rigid behavior was predominant .

specimen M. 5 oshowed the maximun curvature around Lhe base.,

Specimen No. 6 showed a fairly large curvalure at the base. [n the
final cycle, curvature Increased rapldly in between the height of 500 and
700mm, probably because the failure of carbon fibers lost the confining
pressure and then the curvature increased. Excent for the final load
¢ycle, the curvature decreased with an Increase in the hefght. And, at the
arca with a height of 700mm, the curvature was almost zero. This means
that n rigid behavior was predominant.
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Caoncluding remarks

Through the experiments on the scaled models for plers with or
without carbon fihers, the following conclusions can be drawn.

1y Dur to the application of the UD tape in the vertical direction for the
reinforcement at the termination point, the flexural strength increased,
and the failure of the piers was moved from the position of termination
of reinforcement to the base.

21 Since the concrete and the main reinforcement are confined by applvipg
LDy tape transverseiy (or winding of carbon fiber strands) at the
reinforcement of the bases, a sufficient ductility may be obtalned.

4) The general evaluation on the experimental results shows ‘hat the
carbon fibers for existing RC plers with a small change In rigidity
provides the eoffective earthquake resistance,

4)  There are only minor differences vetween the winding method with carbon
iber <trands and the pasting method transversely with carbon fiber D
tape #s the shear reinforcement in the transverse direction.

5)  Experiments are continuing to evaluate the effect of carbon tibers in
the repair of RC piers quantitatively.
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FAILURE CRITERIA OF ORIGINAL AND REPAIRED RC MEMBERS
WITH HYBRID EXPERIMENTS

H. lemura {n
K. Izuno {11)
Y. Yamada (IIl)

SUMMARY

Using experimenial simulation of the inelastic restoring force properties by HYLSER (Hybrid Loading
System of Earthquake Response), seismic behavior and failure criteria of original and repaired reinforced
concrete {RC) members are investigated. This paper presents effect of different repair techniques on the
stiffness ~ deteriorating process and energy - absorbing capacity. Results show that the stiffness deterioration of
the repaired specimens resembled that of the unrepaired originals when suitable repair methods were used.
Encrgy - absorbing capabilities also were regained for adequately repaired specimens. Seismic risk of

unrepaired specimens with minor cracks was also evaluated using the damage index.
INTRODUCTION

Some structures that were rendered nonfunctional by earthquakes could be reused after repair and/or
sirengthening of the damaged parts. The use of epoxy resin in repairing RC members has been found 10 be
applicable and effective {Ref. 1). The important thing to determinc is how such repaired structures will respond
during future earthquakes. Current analytical models cannot account for the additional mateniai inhomogeneity
introduced by repair materials to the already complex RC section. Hybrid experiments provide a very effective,
powerful techniques with which to investigate the earthquake responses of such complicated materials as RC
members and s0ils (Refs. 2, 3, 4. 5).

A description of HYLSER (Hybrid Loading System of Eanhquake Response) used to analyze repaired
RC members under varying bending loads and constant axial force, and an analysis of the stiffness deterioration
process for these members during earthguakes are given. A comparison of the energy - absorbing capability of
the original and repaired members also is made.

HYBRID LOADING SYSTEM OF EARTHQUAKE RESPONSE (HYLSER)

Test Pieces
Eieven specimens were used, all having the dimensions 100 % 150 % 1900 mm (Fig. 1) and a distance

between supponts of 1500 mm. Two specimens were doubly reinforced by deformed bars D16 (stee! ratio p =
3.1%). whereas the rest were doubly reinforced by D10 bars (p = 1.1%). Concrete was confined by providing

stirrups (6 mm in diameter) every 70 mm. Mechanical properties of the concrete and reinforcing bars are shown

£} Associate Professor, Dept. of Civil Engineering, Kyoto University, Japan
(I1)  Research Associate, Depr. of Civil Engineering, Kyoto University, Japan
(1)  Professor, Dept. of Civil Engineering, Kyoto Usiversity, Japan
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in Tables 1 and 2.

HYLSER System
A hybrid loading system of earthquake response, called HYLSER (Fig. 2). was used 1o lest specimens
modeled as a single - degree - of - freedom system (Fig. 3} A microcomputer was used to solve the equation of

motion i order 1o obtain the deformation at the next time step.
ma(t)+cx()+F(x{t))=-mait) ()
in which, #1s the mass; x(1) the relative displacement at time 1, ¢ the damping constant, F(x{(1)} the hysterelic
restoring force at time ¢, 7 the ground acceleration; and a dot (#) indicates the time derivatve.
Dividing Eq.(1) by m leads to

x(n+ ;.r(m 77777 -z(1) 03

Considering the initial condinon. the third term of Eq.(2) becomes

F(IfO))=w‘. 3
m
in which, w is the initial natural angular frequency. w is calculated from
2n
w= T 4)

in which. T' 1s the initial naral period of the modeled structure (Fig. 3) Using Eqgs.(3) and (4), corresponding

mass used in the experiments for a given structure is determined from

o FEO)_Fo)

w' 4}12 T (5)

In addition, the second term of Eq.{2) can be calculated with known relation of
c
o= 2hw (6)

it which, 4 1s the damping ratio. We assumed 7" =0.5 sec and £=0.02 for all cases

Both the linear acceleration and central differential methods were used for the step- by - step integration.
In solving Eq (1), Flx(1}) could be estimated directly from the on - line experiment. The actuator controls the
nnidspan of the specimen using the computed displacement x(f) sent through a DA (digital 1o analog) converter.
In return, the computer gets the measured restoring force £(x(r)) from the actuator received through an AD
(analog 1o digital) converter. The flowchan for this on - line procedure is given in Fig. 4.

The axial force - generating mechanism, in which a constant axial force is sustained by high - pressure
oil built up by pressurizing air ts shown in Fig. 5. The three values of the axial load used (N = 4.0 tonf [39 kN],
2.0 tonf [20 kN] and 2.7 tonf |27 kN]) reflect values for real bridge piers based on Ref. 6.

The NS - components of the El Centro record {1940 Imperial Valley carthquake, U.S.A) and the
Hachinohe record (1968 Tokachi -~ Oki carthquake. Japan) were the input earthquake excitations used. 30
seconds of these records were used. They were set to have the maximum values in the range of 100 10 300 gal

-378 -



{cm/sec’). During the experiment the specimens were pseudo - dynamically tested aver a period about 80 times
longer in order to observe detail of the response. The schedule of loadings for the entire experiment is shown in
Table 3.

REPAIRING

Three repair methods were used as follows.
Type | The Epoxy Resin Grouting Method

Most of the 1est pieces were repaired by this method. First, mixed epoxy resin and sand were put on the
heavily damaged parts, then, seiting pipes were attached to the cracks, and sealed with epoxy bond. After that,
epoxy resin was grouted into the cracks using the BICS (Balioon Injector for Concrete Structures, Ref. 7) at a
low pressure of about 3 kgf/cm’ (0.3 MN/m’). The BICS is diagrammed in Fig. 6.

Type 11: The Reinforcing Bar Welding Method

Twao specimens, in which the reinforcing bars had buckled, were repaired by this method. First the axial
force was unloaded. and the concrete around the damaged bars removed. The same type of steel as in the
damaged bars (two times the iength of the buckled segment) was weided to the reinforcing bar, after which the
segment was repaired with a mixture of epoxy resin and sand. Epoxy resin was grouted into the cracks by the
BICS device used for Type I repair.

Type 11i: The Steei Plate Covering Method

Three specimens were repaired by this method. The damaged segment (Fig. 7 - a) was filied with
mixture of epoxy resin and sand (Fig. 7 - b}, after which steel plates were bonded to the damaged part with
epaxy resin (Fig. 7- ¢). Epoxy resin then was grouted into the cracks by the technigue used for Type 1.

The steel plates used were the same length as the damaged segment of concrete for specimen 5, but
twice the length of the damaged segment for specimens 1 and 10. The thickness of the steel plate used was
computed as having the same moment of inertia as the original reinforcing bars; that is, the moment of inertia of

the specimen was restored to the original value by the steel plates used, assuming that thc damaged reinforcing
bais were totally incapacitated.

This method is much easier to use than the Type 11 method in that no unloading of the axial force nor
removal of the concrete around the damaged pan is necessary. Nevertheless, careful attention must be paid to
how the steel plates are bonded to the damaged segment.

EXPERIMENTAL RESULTS

Original Specimens
Data for the original specimens were taken from a previous study (Ref. 8), for which the main were th- «
(1) a high axial force resulied in a higher yie!ding level and lower ductility of the specimens.
(2) the stiffness of the specimens with higher reinforcement ratios (specimens 10 and 11) was 50% more than
that of the others. but the yielding loads were 100% more.
(3) when a high axial force was acting, a specimen failed with just one large plastic deformation.

Type I Repair (The Epoxy Resin Grouting Method)

The hysteresis loops shown in Fig. 8 are for three similar specimens subjected to different input levels of
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acceleration. Note that the onginal maximum values for the restaring farce were reached even after repair. In
tests without axial force (Ref 8), damage took place not to the repaired segment but adjacent to it In tests made
under avial force, cracking and crashing of the concrete appeared midspan in the test picces. This is because
damage to the remnforcing bars at the center was severe.

For a mavimum acceleration of 300 gal (Fig. 8- ¢), the maximum restoring force was abmost the same as
hetore repairs were made: but, reduced ductility cansed early crushing of the repaired specimen FFor specrmens
1in which the reinforaing bars are badly bucklked. repair by this method does not restore the original high strength
under dvnamic loads; therefore, Type [ repair should be used with caution,

The center of cach hysteretic cycle for the repaired specimens drifts much more than originals. Though
the repaired specimens behave stable for a low input motion, they show a big displacement response for a strang
impulsive input. As the repaired specimen consists of concrete, steel and randomly vanated epoxy resin,
comples material caused this unstable response.

Crows Sectional Views of the 1y pe 1 Repaired Specimen

The damaged specimen K after the loading test was cut into several picces using a diamond cutter 1o see
the cross sections preciscly. Figure 9 shows the places at which the specimen was cut, and Fig. 10 shows the
cross sectional views of the specimen. The solid lines are cracks of the first loading test filled with epoxy resin,
the dotted lines are new cracks of the second loadmg test, and the shadowed areas are epoxy mortar used 10
repair the broken unconfirmed segment. The loading direction was vertical in this figure. The following things
were observed:

(1)Epoxy resin was filled even in the cracks of 0 1 mm wide. Accordingly. it was verified that repair work has
been successfully done

{2)The cracks of the second loading test were much less than those of the first loading test. And they did not
appear 1 the same region of the first loading. nor the unconfined concrete did not fall as before. These were
causcd by the higher tensile strength of the repaired specimen with the grouted epoxy resin.

(3)The cracks of the second loading were totally wider than those of the first loading. As the cracks were less
than hefore, deformation might be concentrated 1o those cracks.

Tvpe 1l Repair (The Reinforcing Bar Welding Method)
‘The hysieretic loops before and after repair of specimens are shown in Fig 11. After repair. the

specimen was stronger in one direction than in the other. This was because the two repaired reinforcing bars
were located on one side of the specimen.

Second 1.oading without Repair

In a previous study (Ref. 8). we found thal specimens with minor cracks could be adequately repaired
with epoxy resin. In the study reported here. strong acceleration also was applied 10 unrepaired specimens to
obtain heavily damaged specimens and to observe the destruction process. All the test pieces were damaged at
their midspans. Two of them (specimens | and 5) collapsed, but the specimen with the high reinforcement ratio
(specimen 10} was not completely crushed. After the first large deformation. however. the specimen simply
folded and never again straightened.

Large deformations were present after only a few cvcles (Figs. 12- b, 13- b). This means thar all the
specimens were severely damaged after the first loading tests. As the yiclding accelerations of the reinforcing
hars were estimated to be 90-120 gal (Ref. 8), these bars might already have yielded after the first loading tests.



Type [Il Repair (The Steel Plate Coverirg Methad)
A compat:~on of Fig 12 aand ¢, and of Fig 13- a and ¢, shows an increase in the restoring - force

capacities of the repaired specimens. Two causes can be cited. In calculating the thickness of the steel plate, the
old reinforcing bare were assiumed 10 be totally ineffective; whereas, 1n reality, these may have retained some
resistances. Also. as the location of the plastic hinge moved from the center 10 the edge of the steel plate, a
larger force was needed 1o bend the specimens

Afier the third loading, strong acceleratons again was applied 1w the repaired specimens (Type 1l1),
without any further repair, to observe their behavior inan extreme state The hysteretic loops shown i Figs, 12-
dand 13 d, specimen 5 whose steel plate was as long as its damaged part, was severely mangled, the concrete
being crushed at the edge of the steel plate under compression. In contrast, the ather specimens, whose steel
plates were twice the length of their damaged parts. did not suffer great damage. The steel plates came away
from these specimens at midlength, and many cracks develeped in the concrete in the vicinity of their midspans.
The hvsterec loops for these specimens also were stable: accordingly, the length of the steel plate to be used in
repairs must be carefully considered  In addition, further study is needed to determine the adequate thickness of

the steel plates

STIFFNESS DETERIORATION PROCESS

Suitahle Indey for Stiffness Deterioration

There are many definitions of equivalent stiffness. For example, the slope between the origin and the
point of masimuin restoring force is the well known definition for the eguivalent stiffness. But this equivalent
stiffness underestimates the stiffness when the center of the hy-steresis loops goes away from the origin (Ref. 5).
For this reason, we looked for other definitions of stiffness to obtain a parameter for describing the stiffness
deteriorating process. We considered two definitions as shown graphically in Fig 14

The “equivalent stiffness”, Kap 15 defined as the slope between the midpoint of two zero points of
restoring forces and the point of aximum restoring force in a half cycle. Taking into account the half cvcle of
the hysteresis loop, from (ime ¢, 10 ., K+ can be written

- F(x(t)

s very ™
oy T

2
in which, ¢ is the time when the loop crosses the x - axis, F{x(£,))=0; 1, the time when the restoring force has s

maximum value; and 1 the time when the restoring force again is zero, F{x(£4))=0. In contrast, the "un’sau'ng

stiffness”. K. is defined as the siope between the starting and end points of the unloading process.

- Flatn
)zt ®

i which, ¢, 15 the time when unloading begins. These two stiffnesses were compared for all the tested spectmens
in order to obtain an adequate description of the stiffness deterioration process.

The stiffness deterioration process for specimen 6 in terms of the twn defined stiffnesses is shown in
Fig 15 At about 2 seconds, both stiffnesses begin to deteriorate, after which the equivalent stiffness, Kiy,
increases somewhat, whereas the unloading suffness, K. remains ».most constant. A similar comparison (Fig.
16) was made for specimen 5, on which a second loading was imposed without repairing ithe damage sustained
during the initial loading About 2 seconds into the second loading test (32 seconds after initiation of the test),
the specimen collapsed. Interestingly, at the stant of the 2nd loading, K., regained its initial undeteriorated
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stiffness value. Also K,, became exceedingly small when deformation was large, resulting in an abrupt drop in
the computed K, value. For these two reasons, the stiffness deterioration process cannot be properly described
by equivalent stiffness (Kyg).

Although the unloading stiffness (K, ) also varied, its trend was as expected for & degrading system. The

K. suffness therefore is considered an adequate index of the stiffness deterioration process

Stiffness Deterioration Process in Repaired Specimens

Three time histories of the K, unloading stiffness are shown in Fig. 17. K, bhegan 10 decrease (initially
markedly) when the specimen was undergoing severe deformation. This was aboui 2 seconds after the
beginning of loading when the El Centro record was the input used (Fig. 17 - b, ¢), and after about 8 seconds for
the Hachinohe record (Fig. 17 - a) K. took almost constant value after the maximum response of the specimen.
Both processes would have been similar if the input earthquake motions had been the same. In general, we
conclude that the characienstics of the input eanthquake are the dominant factors in stiffness detenioration; the
characteristies of the specimens have litle effect on it

The final deierioration ratios shown in Table 4 are defined as the ratio of the K. unloading stiffness at
the end of the test to the K. at the heginning. smailer values represent greater deterioration. For all the
specimens, except No. |, the deterioration ratios of the repaired specimens are larger than those of the
unrepaired specimens.

The imtial stiffnesses of the specimens repaired by the epoxy resin grouting method (Type 1) are ahout
80 those of the unrepaired originals. For the onginals, the deterioration ratia is proportional to the strength of
the input acceleration; whereas. there i1s no correlation for the repaired specimens (see Figs. 15-a, 17 - b and
Table 4). Possibly, the difference in the amount of epuxy resin used in relation to the degree of damage may
have produced the variations in the characteristics of the repaired test pieces.

The detenioration ratios of specimens repaired by the reinforcing bar welding method (Type 11) and the
steel platc covering method (Tvpe [H) are larger than the original ratios, particularly for Type I specimens
which are much larger (Fig. 17~ ¢ and Table 4) During the experiment, we observed tha. deformations of
repaircd specimens were smalier than those of 1he unrepaired originals. The initial stiffnesses of specimens

repaired by the Types 11 and 111 methods are about 100 to 110% those of the unrepaired specimens.
ENERGY DISSIPATION

Energy - absorbing capabilities should be taken account when investigating damage lo specimens.
Energy partitioning 15 calculated from the following equation derived from the equation of motion, Eq.(1);

m f Frdtee f ot f " Frdr=-m f zrdt (9)

The first term on the left side of Eq.(9) represents the kinetic energy. Wi, of a specimen at time 1, the second the
ahsorbed viscous damping energy. W.. and the third the absorbed hysteretic encrgy, W The right side of Eq.(9)
represents the energy imported, £, by earthquake motion. The absorbed hysterctic energy, W, is 3 major factor
in the structural damage produced by cyclic loadings. It is calculated as being the area enclosed by the
hysteresis loops. Each term of Eq.(9) per a half cycle of the hysteresis loop is calculated step by step for all the
tested spec.mens.

The difference berween the hysteretic energy dissipation of the original specimens and that of the
repaired specimens can be estimated. First, the ratios of W, and W, duning earthquake response are compared.
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There 1s httle difference between the energy panticipation of the original specimens and that ot the repaired
material. except when the input acceleration is not strong (Fig. 18 - a). The ratio of the damping energy, W, for
tie repaired specimen is considerably larger and the panicipation of the hysteretic energy. W, less than that of
e original This is because the elastic range of the RC members was wider after repair. When the input is low,
spectmens behave hike eiastic members.

As the aput canihquake hecomes stronger. the difference between the energy participation ratio of the
repaired members and thal of the originals decreases, (Fig. 18 - b and ¢) For instance, there i1s no difference
when the input 1cce!=ration vas the El Cennro record with maximum vatues set at 200 and 250 gal. This means
that the same max:mum deformation is 10 be expected from the same degree of earthquake motion even after
repair

The ratio of the hysteretic energy (W) dissipated during one experiment to the total input energy (£} i1s
plotted in Fig. 19. The broken line shows Wy, = £, The solid line is derived from the least square fit of a straight
line:

W..=ak,-b (10)
in which, @ = 068; b= 3.4 Tae ratic of Wy, to F, is derived from Eqy.(10) when W, £, > 0.

W 0 (0<E,=sDH)

E T a-g &, >5) an

The wotal absorbed hysteretic energy is in proportion 1o the tolal input energy. For a low input excilation
of £, > 5 wonfecm (0.5 kNem), the total £, input energy changes to W, and W, ie. W, = 0. As the input
earthquake becomies stronger, the contribution of W, increases, and for a large input excitation, the ratio of Wi,
10 £, 1s almost constant. Let £ in Eq.(11) be infnity, then the ratio of Wi, to E; becomes a = 0.68,

Fig. 19 shows that the ratio of Wy, to E, is not affected by any difference in the specimens or the input
acceleration. excepi for a low range of F, as discussed before (Fig. 18). Because a constant damping ratic of & =

0.02 was assumed for all cases, no effect of the damning ratio need be considered.
SEISMIC RISK OF UNREPAIRED DAMAGED MEMBERS

The damaged members could be left unrepaired afier an eanthquake if damage is not so serious. The
response, however, for the next eanthquake is quite different compared with a new specimen. This section
discusses effect of the unrepaired damage to the future seismic response using the damage index. Park, Ang and
Wen {Ref. 9) proposed the damage index as a following equation to measure seismic damage of RC structures.

J.
D=5—L+Q€6Lfd£‘ (12)
in which, D is the damage index; Oy the maximum displacement response; 0. the ulumate deformation
capacity; @ the yield capacity; dE the dissipated energy increment, 8 a constant for the strength deterioration
per cycle. 3 was sei to 0.25 gocording to Ref. 9. The damage index takes values between 0 and 1. where |
expresses collapse. The first term of Eq. (12) represents damage suffered by the maximuin deflection, and the
second term represents damage due ta the energy - absorbing procedure discussed in the previous section.

Fig. 20 shows the damage indices - time histories of che specimens. To see effect of unrepaired damage
for the future response, specimens | and 7 were compared in Fig. 23- a, 4n input acceleration for the second
loading of specimen | and for the first loading of specimen 7 were the same. Fsi the same reason, Fig. 20- b
cornaies specimens 2 and 6. The damage indic s. D, became larger than | in all cases of Fig. 20; it signifies
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collapse of the specimens which corresponds 1o the experimental results.

D of specimen & became | at 13 seconds from the beginning of the experiment (a broken tine in Fig. 20~
h). and 1t increased little to the last value of |.1. D of specimen 2. to the contrary, took 1 at enly 2 seconds from
the beginning of the second loading test, which is shown in a solid kne of Fig. 20 - b. For specimens | and 7
shewn in Fig: 200 a. their damage indices rea. hed | simultancously, but they behave quite different after that. £3
of specimen 1 mereased rapidly and the specimen collapsed while 1) of specimen 7 stavs 1.7 The damage
indes, {2 showed effect of unrepaired damage 1o the future seismic behavior numencally

The values of the fuirst rermt and the second term of Eq. (12} are also plotted in Fig. 20. The first 1erm
increases when the input aceeleration becomes large; a1 2 second for El Centre record and at 10 second for
Hachimohe record. Afier that, it keeps the same value during a response. The second term keeps on increasing
throughout a response. As the snput earthquake motions were strong and shon, 1he effect of the first term e D

was high, which shows damage recalung trom the large deflection was major.

CONCLUSIONS

The stifiness deteriorating and energy absorbing processes of repatred RC members were studied The
main resuits are as follows
I Speaimens repaired by the epoxy resin grouting method showed similar dynamic behavior if their reinforcing
hars had not buckled.

Specimens 1epaired by the reinforeing har welding method showed asymmietric hysteresis loops when only

[ )

one side had been repaired.

3 Specimens repaired by the steel plate coverig method could bear more lead than the unrepatred onginals
when the thickness of the steel plates had been selecied as having the same moment of mentia as the original
reinforcing hars.

4 Sniffness deteriaration can he estimated fiom the unloading stiffness, K, .

3 The characteristics of the put accelerogram. not those of the specimens, are the major factors operating n
stiffness deterioration.

6 Stiffness deterioration in repaired specimens depends on the method of repair. The process in a specimen
repaired by the epoxy resin grouting method is similar to that of the unrepaired original, whereas, the stiffness
ot specimens repaired by the reinforcing bar welding and steel plate covering methods deteriorated only 50%
In companson to values for unrepaired specimens.

=}

. The ratios of the initial stiffnesses of the repaired specimens to those of the unrepaired originals were ahout
%0% for the epoxy resin grouting method and about 100~110% for the reinforcing bar welding and steel plate
covering methods

8. The ratio of the hysteretic energy dissipated during one loading to the total input energy was an almost

vonstant 70% when ihe constant damping ratio was used and the input earthquake was strong enough 1o

produce inelastic deformation.

The damage index - tme histories verified that the seismic risk of unrepaired specimens with minor cracks

were much higher than new specimens.
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Table 1 Strength of concrete. Table 2 Mechanical properties of the reinforcing bars.
Compression 300 kgficm® (29 MN/m’) D10 Dlé
Tension 30 kgf/om’ (2.9 MN/m") Nominal Diameter 0953 cm 1.590 cm
Young's Modulus 1.4 % 10" kgficm® (14 GN/m') Section Area 0713 e’ 1.986 cm’
Yield Stress 3800 kgf/cm’ (373 MN/m’)

Young's Modulus 2.1 X [0* kgf/cm® (205 GN/m?)




Table 3 Sequences of lpading. Type I. epoxy resin grouting method. Type 1. reinforcing bar welding method,
Type 111: steel plate covering method; E, El Centro NS (1940 Imperial Valley Earthquake, U.S.A));
H., Hachinohe NS (1968 Tokachi - oki Earthquake, Japan}, digits 100~300, the maximum acceleration
in gal=cm/sec’.

No. stee] | axial initial second loading after repair ultimate
ratio p |force N| loading | loading | Typel [ Type Il lTypcIII loading

1 100 H— 250 E — : + 100 H—9 250 E

2 150 H—» 200 E—» IS0 H : !

3 250 H——————» 250 H

: 401 300}{_;_—%"300” : : :

5 111% 150 E—+% 300 E — : & 150FE — WOE

6 200 E——————%200E : :

7 250 E———————% 250 E

8 300 E———————% 300E

9 20t | 150E—»WOE———»I50E | :

10 150 E —» 250 E— : 150 E—» 300 E

. 31% | 271 P }3005 : :

Table 3 Deterioration ratio of stiffness. Type 1: epoxy resin grouting method; Type I reinforcing bar welding
method; Type 111 steel plate covering method.

o steel | awial ininal second loading after repair ultimate
™ ratio p [force N| loading loadimg Type l Type Il l Type 11 loading
1 073 — 054 — : > 067 — 050

2 0.58 —+» 048 —» 083 | H ;
3 046 ————» 055 ! ! :
4 046 —————# 058 ; ;
401 : : . ; :
s e 0.56 —» 0.3] — . (.59 —» 0.59
6 046 —————0 048 | ’ :
7 040 ——— 0.68
8 035 —————» 040 |
9 200 { 046 -—# 032 ————P 085 | :
10 080 —» 0.50 — : ~ 0.85 —» 0.36
3% | 27t : : ¢ ' :
i 0.30 —3 : - 0.59 ;
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1. Frame 10. Floppy Disk
2. Actuator 11. Data Recorder
3. Loading Frame 12. X-Y Hecorder
4. Test Piece 13. Pen Recorder
5. Simple Support 4. Line Printer
6. Axial Force System 15. Dynamic Strain Gage
7. Central Caontraller 16. Strain Gage (Static)
8. AD-DA Converter 17. Xyoteo Univ. Data
9. Microcomputer Processing Center

Fig. 2 HYLSER (Hybrid Loading System of Earthquake Response) diagram.
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Fig. 3 Bridge pier and its experimental model.
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PORMULATION OF DUCTILITY OF R/C MEMBERS AND INFLUENCE OF
DUCTILITY ON RESPONSE BEHAVIOUR IN R/C FRAME STRUCTURES

Hiroshi Mutsuyoshi and Atsuhiko Machida

Department of Construction Engineering, Saitama University,
Shimo-okubo, Urawa, .Jopan

ABSTRACT

In order to establish a reliable equation to evaluate ductility of R/C
members, reversed cyclic loading tests were carried out using 33 specimens
whose sectional characteristics are similar to ordinary R/C single column
piers used in Japan, Based on the test results, the effects of various
variables on ductility were investigated cne by one. The results were
summarized as a series of equations to estimate ductility guantitatively in
the form of a ductility factor, It was confirmed that the ductility of the
R/C members derived from the proposed equation resulted in a satisfactory
agreement with the test results obtained by other researchers.

Moreover, in order to investigate the influence of ductility of
members on inelastic response behaviour in R/C frame structures subjected
to earthgquake motion, shaking table tests and pseudodynamic tests were
carried out using small scale two-story one-bay R/C bridge piers, it was
obsnrved from the tests that the inelastic behaviour of R/C frame
structures depends strongly on the capacity of ductility for each member.
To calculate accurately the response behaviour of R/C frame structures up
to collapse, a new restoring force-displacement model which can represent
ductility of each member was proposed.

INTRODUCTION

The concept of ductility is adopted in recent seismic design codes for R/C
buildings and bridge structures., It is well known that the design seismic
forces are generally much less than the elastic response force induced by a
major earthquake. However, due to lack of information on ductility
evaluation, it has hardly been clarified how ductile a designed R/C
structure can become during a major earthquake. This is because no reliable
method to evaluate the ductility of R/C members has yet been established.
There are some failure mechanisms at ultimate state in R/C columns and
beams. A flexural failure mode is a typical one, but it may have no
problems from the point of ductility because flexural failure generally
shows a ductile behaviour up to failure. On the other hand, a R/C member
under reversed cyclic loading sometimes loses its load carrying capacity,
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finally showing the characteristics of a shear failure after the yielding
of longitudinal reinforcement. Such a failure mode 1s very complicated and
cannot be analyzed e¢asily. The first cbjective i1n this paper 18 to
establish a reliable equation to evaluate the ductility of such R/C
members guantitatively as described above,

The nfluence of ductility on the overall response behaviour of a
single column type structure can be well understood. However, the effect of
ductility for wach member on the entire response behavicur of a R/C frame
structure has hardly been clarified. Generally, a statically 1ndeterminate
structure such as a R/C rigid-frame structure will not collapse even if one
of the members of the structure fails completelv, However, the 1inelast:c
response behaviour of the structure may be influenced by the faillure ot
such a member. The second objective 1s to ciarify experimentally and
analytically the influence of ductility 1u members on the 1nelastic
responsc behaviour of R/C frame structures subjected tc strong ground
mot 1O,

OUTLINE OF EXPERIMENT

FOR DUCTILITY 400 850 150
The reversed cyclic load-
1ng tests were carried
out using cantilever type — Specimen No.33
specimens as shown 1in oed L 4
Fig. 1. The variables 1n O o
the tests were tensile —+ <
roinforcement ratioi{p,=
0.59-1.66%), web rein- (] ] & 013
forcement ratlo(pw=0—0.24 q — D3
%), compressive strength 680 {unit:mm)
ot concrete(fc‘=128~565
kg/em©), shear span ratio Fi1g,l Dimensions of test specimens
{i/d=2,5-6), axial com-
pressive stress(Jo=0-30 kg/cmz) and the number .
of repetitions of loading at a certain dis- bu=du/dy
placement amplitudein=1-30 cycle). Table 1 FPR&Xf---=-----5
and Table 2 show the experimental wvariables P C.8*Ppax -~
Y the : SRl
an the mechanical properties of the rein- t !
forcing bars respectively, : }
1 |

The load was applied to the top of the : :
specimen monotonically until the yield load, : :
which was calculated based on the elastic ,
theory. The measured displacement at the yield Sy 8a
load was defined as the yield displacement Fi1g.2 Definition of
(8. ). However, when the measured strain for Ductility factor

the main reinforcement at the bottom of the

column reaches the yield strain before the vield load, the displacement at
the yield strain is defined as the yield displacement. After the yield
displacement, the displacement of th-. integral multiples of the yield dis-
placement was applied cyclically by controlling the displacement of the
specimen,
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FORMULATION OF EFPPECT OF VARI- Table 1

OUS PACTORS ON DUCTILITY OF R/C Test variables
Ductility fuctor(p ), that is, X
the tatio of wltihate displ- [ Y| Pt | pv “/”‘L” fela] m
acemont((ﬁu) to yield displace- 11 1.08 0.12 4.00 ! 01203 {10 5.5
ment (6, ), was adopted as a 2 278 4.7
quantitative index of ductility 3| 0.59 0 u‘* 1.00 ol ws |10 ;'7_1“
for R/C members. The yield dis- 31 o8y J 157 ?:I
placement was defined as des-~ 51 1.88 338 1.9
cribed above, and the ultimate }-—F—— - e
displacement was defined as the 6§ 1.08 0.00 4.00 0o /43 |10 3.6
limit displacement when the g ggg ;(ig ;g
load carrying capacity de-
Creases to 80% of the measured 9t 1.08 0.12 3.00 01300 |10 3.8
maximum strength(see Fi1g,2). 10 5.00 389 6.5
11 6.00 363 =4.3
To formulate ductility 12] 1.08 0.12 4.00 101298 {10 1.0
quantitatively, one attempt was 13 20 1 301 3.4
tried at first ta express the
effects of various factors on 141} 0.8 | 0.12 | 3.00 0|33 {10} 6.5
ductility inclusively based on ig ig g% I% 232 gg
the strength ratio. That is, v
the ratio of shear strength to 17| 0.98 0.12 4.00 10320 |10 4.5
flexural strength of R/C mem-
bers. However, the results 1841 0.89 | 0.12 | 4.00 Ol308 [10] 5.6
| ‘ 19 5 ;298 5.8
indicated that the inclusive 20 20 | 301 1.3
eXpression was immoderate  be- 21 30 | 326 1.2
cause the wifects of various -—
factors on ductility were |22( 0.89 | 0.12 | 4.00 10133 (10| —
siightly different from those 23 4 qi‘
on shear St!engthlll- There- 24 0.99 0.12 4.00 10 | 565 10 1.3
fore, it was concluded that the 295 140 5.1
effect of various variables
must be 1nvestigated one by gg 0.9 0.12 4.00 10 gg; :13 Eg
one, In faormulating, the rela- a8 319 |30 4:3
tions between the measured
Auctility factor and each 29| 0.99 0.12 | 2.50 101337 |10 4.3
variable were 1nvestigated a0 2.50 348 4.6
using the test results. In this 31| n.99 0.24 4.00 101128 | 10 5.4
case, rach relation was 32 0.12 128 1.4
obtained by changing only a 33 0.06 128 3.5

single variable while the other Note:pt=tensile reinfor at ratio (56 b re;
pt= cement ratio , pwsweb rein-

euation vas derived s thay | [orcment b (%) . a/ishear spn ratio. aos
axial compressive stress, fc'=compressive strength

the best fit for the plots of concrete (kg/cm’) . n=number of repetitions of

could be cbtained. To estimate oads, pu=measured ductility factor

the influence of the experimen-

tal wveriables on ductility factor, standardized ductility factor (ut),

which s the ratioc of the measured ductility factor to the ductility factor

obtained in a certain variable, was used. Thirty three test results were

used for the formulation,

Figure 3 shows the effect of the tensile reinforcement ratioc on

the standardized ductility factor. The following equation which can express
the influence of only main reinforcements on ductility factor was derived
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Table 2
Mechanical preoperties of reinforcing bars

Yield Yield Ultimate Area of
Type Stress Strain Stress Reinforce-
C kg/ew' ) Cu) [(kg/cnt )| ment (on )
SD30.010 3850 2440 5380 0.7.33
3%0 2430 5470
S030,Di3 | B 3800 2330 §500 |.267
3840 2100 5500
SD30.016 3580 2090 5810 1.986
A 2740 2030 5690 0.06905
$050.03 | B 2900 1650 4160
0.07280
C 2540 1750 1200

Note ! Type A was used for specimens No.1 ~16.
Type B was used for Specimens No.17~230.
Type € was used for Specimens No.31~33.

from the test results,

Bt =gl = 1= (pt)* = [ rremeereencnnsisianins m
a= (~0.146 / (ard —-2.93) —0.978 ) -(2) (a/d23.0)

where, ut:standardized ductility factor, pt:tensi]e reinforcement ratio(%),
Bt = O when Py = 1%; a 15 a function depending on B, and a/d.

The other equations were derived in almost the same manner as above
for all the variables adopted 1in the tests. Figure 4 shows the relaticon
betw=2en the web reinforcement ratio and Uy. It is clear that the relation

S 2
3 4 .\ & a/d=3.0 .
- F 3 i - m;ud=3-ﬂ a::
. \o =
O v 3 12/4=8.05 5
E A 9

\ . 3
g 3 Lo\ O :2/0=4.0 3
o Y ke
o g :
o R \‘ e a
T3 Y o1 :
m N : [ E
T 0 g S 0 .S H 0: 1w
& H .
5 & ~ 5 s

1 - 0
Q — bttt ——t—s-
.S 1 1.5 2 a .1 .2 .3
pt(i)

Web reinforcement ratic p_{(%)
Tensile reinforcement ratio
Fig.3 Standardized ductility factor

and tensile reinforcement
ratio

Fig.4 Standardized dutility factor
and web reinforcement ratio
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A O o= 0 (ke/co)

A& OMoe= 0 (kefeol)
1.5

1.5

Standardized ductility
Standardized ductilaity

-
2 :
3 .5
< 3
5 i
L2l ]
2 3 3 s 8 2 3 4 S 6
Shear span ratie a/d Shear span ratio a/d
Fig.5 Sandardized ductility factar Fig.© Standardized ductility factor
and shear span ratioc and compressive strength of
concrete
] ] >
between them is almost linear. The follow- +
ing eguatiaon can be given, -
-t
fw =pt —1=2.70 (pw—0.1 ) === (3) g
T
where, pw:web reinforcement ratio(%) -
Q
N i
Figure 5 shows the relation between e ke § i
shear span ratio(a/d) and Wy The follow- ®
ing egquation was derived. '§ 3 i
o U .
0 18 2 Lo
a=ut -1 ﬁ‘s g 2
= 1(-0.015300 +0.175 Xa/d —4.0)-(4) o(kgt/cm?)
(vwhere, go 211, kg/ew') - Axial compressive stress
o e
| (where.go >1l. kg/cni) Fig.?7 Standardized ductility
tactor and axial com-
Figure & shows the influence of com- pressive stross
pressive strength of concrete{fc') on Uy
The result indicates that fc' has less
effect on the ductility factor when the .
web reinforcement is arranged. Therefore, hod T
the derived equation is alternative as s
shown in the following egquation. 9 R
3 T ——— |
’ o]
fc =pt —1={0.00170( f¢'-300) (= Q%) (6)
Lo (pw# 0 %) rr m T s
n .
tc':cozmpressive strength of concrete ;§ _._:"
(kg/cm™) Y]
o o
Fi e 7 h th lation bet 8o 1a x 0
gur shows e relatio etween 8o Number of repetitions
ax1al compressive stress and My - The of loads
equation is given as follows,
- - -0.26 Fig.8 Standardized ductility
Su=pt —1=2.18 {go +10) “0-280—} .crcce (8
) factor and number of
Oo:axial compressive stress (kg/cmz) load repetitions
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Figure 8 shows the influence of the number of load repetitions in a
certain displacement amplitude on Hy . The equation is shown as follows,

Bn =pt —1=1.26 {n) -9-0990 — }..--(9)

n:number of load repetitions

PROPOSAL OF EQUATION TO ESTIMATE DUCTILITY

The tollowing equation to evaluate ductility factor quantitatively was
proposed in the form of summation of the effects of various variables on
ductility factor.

Mu =Bg (1+B8t+Bw+Bc+fu+patpn) - (10)
where uu=duct11lty factor( 50/6y )

The proposed equation can express only the main effect of each
variable on ductility. The interactions among the variables are included in
each B. The coeffic:ent Bo in the equation was introduced to express the
influence of effective depth d, that is size effect, which was not taken
into account. 80 was obtained by the regression analysis from many test
results, It was recognized that the relation between 8o and 1/d was almost
linear.

Bo =28.4/d +2.03------(11)

where d:effective depth

12
average=1.01
[ coefficient of variation
o = =
8 10 16.5%
k S
AV =
&
> B8t
-t
—~ = o\
7 n G
I3}
3B -
o /g
@
-
E o4 o
=2
4 /22
8 @ Authors
2t ®Higai{2]
A Ohtald)

2 4 B 8 10 12

Measured ductility factor

Fig.9 Comparison of rcalculated ductility factor
with experimental ductility factor
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EVALUATION OF PROPCSED EQUATION

The precision of the proposed cguatilon
was 1nvest jgated using many  test  data
including other researchers' (21, 131,
147, %), which were not used a1n the
formulation. Figure 9 shows the relation
betweon the calculated ductility factors
from the proposcd equation and Lhe med=
sured ones. 1t oas recognized that the
calvutated  valucs agree generally well
with the experimental ones. The average
uf the ratios of the cxperimental values
tor the calcalated ones for all data 1s
1.01 ol the cotfrcrent of variation is
16,54, These values also andicate that
the proposcd cqquat pon can glve satistac-
tary resubts,

OUTLINE OF EXPERIMENT FOR R/C FRAME
STRUCTURES

In order to investigate the influence of
duct bty of members on 1nelastic res-
ponse behaviour of R/C frame structures
subjected o sarthguake motion, shaking
table tests and pseudodynamic tests were
carricd cut. The test structures dre
two-story one-bay R/C frames which are
similar to typical bridge piers used for
the clevated railways of the Shinkansen
1h Japan. A general view of the test
setup i1s shown in Fig,10, The test
structures were designed assuming that
the following {ai1lure modes would occur;
1)flexural fallure at the bottom of the
first-level column(structures RD-1 and
rRP-1), 2)flexural failure 1n the first-
love]l beam(RD-3), 3)shear failure after
yielding of the main reinforcement 1n
the first-level beam(RD-4 and RP-4}), To
produce the above failure modes, the
tensile remnforcement ratio and the web
reinforcement ratio in the first-level
heam were changed, as shown in Table 3.
In every test, a weight of 963 kgf,
which produces an axial stress of 9,0
kgf /em® in the columns, was installed at
the top of each second-column, Threco
structures, RD=-1, RD-3 and RD-4, were
tested under simulated earthquakes, and
two structures, RP-1 and RP-4, were
tested pscudodynamically.
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Table 3 Details of test
structures
Common Members
Tensile Web Relative
Member | Reinforce- | Reinforce- | Stiffness
Nase | ment Ratio | ment Ratio Ratio
(%) (%) )
First
~Level £.00
Column
0.75(06X2)
Second
-Level 0.23(03) 1.24
Column
Second
-Level | 0.76{D6X2) 4.35
Beam
irgt- ! ]
Speci- 1 Tensile Web Relative
men Reinforce- | Reinforce- { Stiffness
Nam: | ment Ratio | ment Ratio Ratio
(%) (%) (t)
RD-1
0.85(bEx2) | 0.29(03) 1.2
RP-1
RO-3 | 0.43(03x%5) | 0.058(D2) [-21
RD-4
0.73(03x3) 0.0 1.26
RP-4

Note (#): The stiffness of the first-level
column is the standard value (1.0;.
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structure does not collapse. Therefore, the restoring force model which can
cffectavely represent ductility lor all members 1s reguired to calceulate
precisely overall response bohaviour.

RESPONSE ANALYSIS BASED ON DUCTILITY OF MEMBERS
In order to resolve the above problem, the new restoring force model which

can eXpress the ductility for all membors was proposed. Figure 12 indicates
the new restoring forge model, 1n which the decrease 1n load carrying
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capacity after reaching the maximum strength was taken into consideration.
The ultimate deformation (point U in Frg.l2) at which the load carrying
capdacity begins to decrease was determined from the proposed eguation(10)
for ductility previcusly. The slope after the point U was defined by
Fguati1on(12) derived from numerous test results. The hysteresis rule of the
proposed model was the same as used in that of the cordinary model.

Using the proposed restoring

force medel, response danalyses weroe :noo.] _RL‘L
carried out for all the test strue-

tures, Figure 13 shows the time ieos.

histories of the top displacement

obtained from the tests and analy- L

ses fur structure RP-4 whose farst -
level beam farled in shoear afiler
the yrelding of the longitudinal 01 0 \uolr BASE ACCELERATION . GAL
reanforcement . The response values (KAKIWUN ACC.3 1202 GAL)D
and the periods of cxcitation ob- 9.0
tained from the analysis agree well
with those from the tests after
shear fallure occurred in the - o A[\A[\“\ A, o

- ~7
frrst=level beam(after 1.0 sec). VVV V \./\«J
-4.30
-!.ooJ (33 MEASURED

That 14, the 1nelastlc response
$.001

-100%.

CH

behaviour can be calculated accu-
rately by using the proposed res-
toring {orce model coven 1f the load
carrying capacity of some members
decreased suddenly due to the oc-
currcenee of shear faillure,

THIRD-LEVEL DISPLACEMENT

6.1

Figure 14 shows the measured -4.50
and calculated basc shear-displace-
ment curves. The calculated ones 9,004 (C) CALCULATED Hz0.00004 /\/\/
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nary model after the load carrying capacity of one member decreased due to
the ocourrence of shear failure. However, the overall behaviour of the
structure can be obtained up to failure by the newly proposed model with
satisfactory accuracy. Morcover, the proposed model can be a powerful
method to predict the oxtent of damage of each member as well as that of a
structuri.,

CONCLUSION

1 order to entablish o reliable equation to evaluate the ductilaity of R/C
members, reversed cyclie loading tests were carried out, Based on the test
results, the eotlocts of various varitbles on ductility were investigated
oee by one. The roesults were summarized as a series of equations so as to
entimate ductility quantitatavely 1o the form of a ductility factaoar, It was
confirmed that the ductility of R/C members derived from the proposed
cquation resulted 1n satisfactory agreement with the test results obtained
by othor researchers. Moreover, the influence of ductility of members on
1nelastic response behaviour in R/C frame structures subjected to
carthyuake motion was 1nvestilgated, 1t was cbserved from the tests that the
thelastic behaviour of R/C frame structures depends strongly on the
ductility capacity of each member, To calculate accurately the responsc
behaviour of R/C frame structures up to collapse, a new restoring force-
displacement model which ¢an represent ductility of each member was
proposed. Using the proposed restoring force model, the inelastic response
biohaviour of R/C frame structures could be calculated with satisfactory
accuracy ¢ven 1 some members failed completely.
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ABSTRACT

Two types of external steel plates were welded onto the outside of rectanguiar holiow steal bridge
pier specimens in order to repair them after thay had boen subjected 10 moderate and large amounts
of earthquake-type action. The strength and ductilty capacity of the repaired specimens was found to
be better than that of the original specimens when further deformation was impesed. Retrofit of piers
by adding concrete increased the strength of the piers by up to 34% but brittle fracture sometimes
decreased the ductility capacity. A method of increasing the deformation capacity without increasing
the strength was proposed.

INTRODUCTION

Steel bridge piers have been used over the past 30 years for the construction of bridges on the
national road transportation network in Japan. The construction cost of these piers is generally mors
than that of reinforced concrete piars but the section size is significantty smalier making them ideal for
use in city locations where land prices are high and where there are restrictions on construction space.
Damage has not been observed in this sort of pier to date during a real earthquake and tests to
understand thewr strength, ductility capacity and repairabitity have only recently been performed.

it is anticipated that steel piers supporting existing bridges may yield in a major earthquake because
inertia forces of more than three times the design load resistance level are expected to be developad.
These piers are expected to behave in one of twe ways:

1) Piers may successfully resist the earthquake by deforming inelastically. However, it there is a major
loss of strength or a farge amount of deformation then effective repair methodswil be required so
that the pier resistance will be sufficient during future major earthquakes,

2) Piers may suffer severe damage and be unrepairable. Retrofit is thefefore required before the
earthquake occurs in order to ensure satisfactory behaviour.

The tests dascribed here were carried out 10 find effective methods for repair and retrofit of steel piers
{1] and the results were included in the Manual of Seismicaly Damaged Civil Enginaering Structures
2}

A typical steel pier of the sort used in Japan is shown in Figure 1. it consists of four plates welded
together into a box shape and other plates are weided internally 10 provide longitudinal and lateral
stiffness. Design of this pier type is carried out according to the "Specifications for Highway Bridges”
issued by the Miniutry of Construction [J3]. Two types of buckiling which are checked during the design
are:

a) overall buckiing of one side, and

b} local buckling of the panel between the longitudinal stiffeners (local panel buckiing).

These deformation modes are shown in Figure 2(a) and (b) respectively. An indication of which of
these modes of buckiing is likely to occur first is aiso avallable [4].

The method of retrofit which should be usad on a pier depends on the type of buckling deformation
and failure mechanism which is lkely to occur. Tests on twenty two piers have been conducted at
PWRI in order 10 understand their strength and deformation capacity [5]. Points of interest from these
1eats related to the mode of failure of piers and which may affect the retrofit or repalr procaedure are.

1) The height of the major buciie was midway between the base and the first iateral stiffener in the

piers which failed by overall buckling of one side.

1 Researcher, Earthquake Enginaaring Division, Pubiic Works Research Institute, Tsukuba, Japan
2 Head, Earthquake Engineering Division, Public Works Research Institute, Tsukuba, Japan
3 Senior Research Engineer, Earthquake Enginearing Division, PWRI, Tsukuba, Japan
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2) Piers which failed by Incal panel buckling sustained either a vary localized buckle or no buckie at
all and failed by fracture of the steel near or in the weld at the base.

3] Some piers with concrete infill over the bottom third of their height were also tested . The added
concrete may be considerad as a method of pier retrofit. The results of these tests are discussed
later in this paper.

4) Piers tested on the shaking table underwent very little yiekd reversal and the displacement at the
top increased only in one direction. Large residual displacements were observed at the top of the
piers after the tests were compieted which indicated that tuli repair may be difficult to perform.

REPAIR CF STEEL PIERS
Test Specimens

Real piers are generally large enough that a person may enter and wekd from the inside but the pier
specimens used in these tests were too small for this construction technique to be used. The pier was
therefora constructed in stages as shown in Figure 3 Weld was applied to the inside of the specimen
before the final web-plate was welded into place from the outside. The diaphrams extended outside
the section on one side tu facilitate the welding of the final web plate to the spacimen. The iongitudinal
stiffeners on the inside of the final web plate were discontinuous at the diaphram positions and at the
base.

Four piers of the type shown in Figure 4 were tested in the test configuration shown in Figure 5.
The eftectiveness of rapair with "strengihening plates” or "contact plates™ as shown in Figure & was
investigated. These methods are discussed in detail later in the paper. The third panel from the top
was constructed from a weaker steel (SM5QY steel) than the other panels (SM58 steel). This region
was made weak so that the inelastic action would occur there and so that repair could be carried out
easily. Damage in actual piers would be expected to occur in the base section and foundation
concrete may need 10 be dug out in ordes to retrofit. The section sizes are given in Table 1 and the
calculated yield strengths, yieid displacements and plastic strength of each specimen are given in
Table 2. Displacement-controlled cyclic applied lateral loading was applied to muhtiples of the yieid
displacement. dy. where dy was calulated as the displacement at the loading point when the
compression flange at the base of the middle section (SM50Y steel) yielded.

Table |: Specimen Sizes (mm)

Central Region Flange Size bfx tf 600 x 7.1 Load‘?q Face
(SM50Y Steel) Web Size by x tw 600 x 6.4 11 ‘
b= b, -~ !
Rib Size brx tr 50 x64 g}“% J sl
Base Region Flange Size bf x tf 600 x 82| i -
- 1 g0
{SM58 Steel) Web Size bw x tw 600 x 7.3 X h'}i‘ =
= T -
Rib Size brx tr 50 x6.3

Table 2: Predicted Yield Force. Py. Yield Displacement. dy. and Plastic Force, Pp.

Specimen Number Repair Method Py (tf) { dy (mm)}{ Pp(th)
Original | 1,2,3. 4 - 47 2.8 62
Pier
Repaired 2R Strengthening Plate | 125 3.6 139
Pier 3R Strengthening Plate | 125 34 140
4R Contact Plate 76 3.6 76
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Purpose and Procedure for Each Test
Test 1 (Specimen 1)

Specimen 1 was tested in order to obtain the maximum ioad resistance, the load-displacement
hysteresis relationship and the amount of buckling deformation of an unrepaired specimen at each
displacement ductility step. This specimen was treated as a standard tor the testing of the later
specimens. It was tested quasi-statically (2.4mm/sec) with 10 cycles of repeated cyclic loading to the
same displacement amplitude using displacement-controlled applied loading. The displacements
used were 1.0dy, 1.4dy, 1.6dy, 1 8dy. etc. increasing in steps of 0.2dy until the utimate condition as
shown in Figure 7.

Test 2 (Specimen 2)

This test was conducted in two stages as shown in the loading regime of Figure 8 The aim of the
tirst stage was 10 damage the pier. The lpading regime was then reappiied in the second stage so that
the influence of the smaller. gradually increasing cyclic displacements could be observed. This was
done to give an indication of the behaviour of a pier under reapplied load such as may occur during
aftershocks.

Firstly, ten cycles of loading were carried out to the dispiacement at which 10mm buckling
deformation was observed to occur in Specimen 1. As the buckling deformation was still smaller than
10mm after this applied loading, 10 more cycles were apphed at each displacement step, which was
increased by 0.1dy. until this deformation was attained as shown in load steps 1 to 3 of Figure 8
Thereafter, in order to investigate the behaviour when the load was reapplied. 10 cycles of repeated
cyclic loading were carriad out with amplitudes increasing from dy with a step of 0.2dy until the flange
deformation increased to 15mm as shown in load steps 4 to 8 of Figure 8.

Test 3 {(Specimen 2R)

The repairability of Specimen 2 with strengthening plates was checked with the applied lateral
load method of Test 1 after it had been damaged in Test 2.

Test 4 (Specimen 3)

The specimen was to be damaged 10 the maximum predicted deformation for which repair with
strengthening plates could be performed {(20mm). Ten cycles of loading were carried out to the
displacement at which 20mm buckling deformation was observed to occur in Specimen 1. As the
buckling deformation was still smaller than this value after this appiied loading, 10 more cycles were
appilied to each displacement step, which was increased by 0.1dy, until this deformation was attained.

Test 5 (Specsnen 3R)

Specimen 3 was retested after it had been repaired with strengthening plates using the
applied Jateral ioad method of Test 1.

Test 6 {Specmen 4)

Specimen 4 was damaged to the maximum predicted deformation for which repair with contact
plates couid be carried out {(5mm). Ten cycles of loading were applied to the displacement at which
this buckling deformation was observed to occur in Specimen 1. As the buckling deformation was stifl
smaller than S5Smm after this applied loading, 10 more cycles were applied to each displacement step.
which was increased by 0.1dy. until this deformation was anained.

Test 7 (Specimen 4R)

Specimen 4 was retested with the applied lateral load method of Test 1 after it had been repaired
with contact plates.

4]0~



Repair Method
i) Repair by Strengthening Plates

The strengthening plate method of repair was used when the buckling was large and the lateral
resistance of the pier was negligible. This was carried out by attaching stiffening plates, with a strength
eaquivalent to the strength of the original plates. to the pier. A set of stiffening plates were placed on
the middie section of the piers (SM50Y steel) as shown in Figure 9. Tha non-twacketed values in this
figure were the measured sizes from Specimen 2R and the bracketed values were from Specimen 3R.
The stiffening plate was placed 20mm from the pier face so that repair could be made if buckling out
from the face of the pier cccurred. The repair process, as shown in Figure 10, was carried out in the
following stages:

1) A plate was welded flush against the web,

2) A spacer was welded at the diaphram position, and

3} The strengthening plate was welded into position.

ii} Repar by Conact Plates

The contact plate method was used when the deformation sustained by the pier was small and
when significant residual strength of the flange was expected. A contact plate of breadth 140mm (one-
quarter of the pier breadth) and thickness 6mm was attached as shown in Figure 11. The contact
plates were sized and the connected to the pier according to "Part il Steel Bridges" of the
"Specifications for Highway Bridges® [3]. The limits for the thickness of the plate, 11, to be attached on
the outside are .

15262 b/24 (1)

where 12 is the inside flange thickness and by is the outside attached flange thickness. A plate
thickness of 6mm was used which was satisfactory as tz was 7.3mm (over the SM50Y middie portion),
bz was 140mm and Equation {1} bacame

[imm 2 t, > 58mm 2
Resuits

Specimen 1

Approximately the same hysterasis loop shape was observed at each load-displacement cycle to
the same displacement ductility and buckling was observed on at least two sides before the maximum
load resistance of 60.9tf was attained as shown in Figure 12. This strength was greater than the
theoretical yield 10ad but less than the theorstical plastic load of 62tf given in Table 2 due ta buckiing.
Panel buckling deformation incraased and rapid stiffness and force deterioration was observed after
the maximum force was reached. it may be seen that most of the inelastic deformation occurred over
the weak panei as illustrated in Figure 13 as was desired. The mode of buckling was overall buckling of
one side as shown in Figure 2a.

Specimens 2R, 3R and 4R

The maximum strength of Specimen 2 was 62tf and the flange deformation was 15mm after it had
been loaded with the regime shown in Figure 8. This strength was close to that obtained from
Specimen 1 of 60 %tf. No strength degradation occurred even during the second stage of loading
where 42 cycles were apphied. The maximum strength after repair was 129tf as #lustrated in the load-
displacement hysteresis diagram of Figure 14. This test was stopped prematurely baecause the lateral
loading ram matfunctioned. It is probable that a higher strength and deformation could have been
attained with further cycles of loading because no strength degradation occurred. The deformation of
these paneis at the end of Test 3 was very small as shown in Figure 15,

The maximum strength of Specimen 3 was 80tf and the flange deformation was 20mm. No strength

degradation occurred during these cycles as shown in Figure 16 and this strength was close to that
obtained from Specimen 1 ot 60.9tf. The rapaired specimen, like the other specimens, was tested to
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the stage at which it could be shown that the behaviour, in terms of both strength and deformation
capacity, was better than that of Specimen 1 Severe strength loss occurred after the maximum
strength of 130t was attained as shown in Figure 17 and buckling deformation of up to 6.5cm was
observed as illustrated in Figure 18.

The remaining strength of Specimen 4 was 61tf and the flange deformation was 5mm_ No strength
degradation occurred during these cycles. The maximum strength after repair was 81tf, as shown in
Figure 19, and buckling deformation of up to 50mm was observed as ilustrated in Figure 20.

The fact that Specimen 2 sustained no strength degradation even during the second stage of
loading in which 42 cycles were applied shows that the number of cycles of applied loading up to the
displacement of 1.8dy and panel deformation of 15mm was not an important parameter to assess the
behaviour of this pier. However, at larger displacements a significant decrease in strength with each
load cycle occurred as a result of the accumulation of buckling deformation as was seen in the
behaviour of Specimen 1 during the cycles to a displacement ductility of 2.2. It is shown in Figure 21
that the responses of Specimens 2R and 3R, which were repaired by the same method, were aimost
identical and that all the repair methods were effective in increasing the lateral Ioad resistance and the
deformation capacity of the specimens above that of the urrepaired specimen.

RETROFIT OF PIERS WITH CONCRETE INFILL
Piers T

Four piers were filled with concrete over the bottom part of their height as part of the testing
program of 22 piers at PWRI [5]. Filling real piers with concrete is commonly catried out to reduce the
damage which may occur as a resuft of a vehicle collision with the pier. Before the testing it was
thought that the addition of concrete to the piers would increase the deformation capacity because
buckling of the plate toward the centre of the section was inhibited.

a} Large Pier Testing (800mm x 800mm)

Two specimens which were filled with concrete over the bottom one-third of their height were
tested and one further tast was carried out on a regular hollow pier. The first concrete-filled specimen
had regular "I"-shaped longitudinal stiffeners while the second had "T"-shaped ones as shown in
Figure 22. It was considered that the "T"-shaped stiffener wouki be beneficial to increase the pier
deformation capacity by reducing the possibility of buckling of the panel away from the pier face. Ten
load cycles were applied to displacement ductilities of 1, 2, 3, and 4 ... etc. The ultimate displacement
for calculating the displacement ductiiity was taken as the point when the backbone curve of the
hysterasis loop became less than the calculated yield strength. The effect of the concrete infill was
neglected in all calculations.

Large Pier Test Results

The backbone curves for the concrete-filled piars and the holiow pier are compared in Figure 23.
The calculated maximum strengths divided by the yiekl strength were 1.69. 1.69 and 1.35 and the
ductilities were 3.57, 3.57 and 3.99 for the concrete-filled specimens and the hollow specimen
respectively. it may be seen that the specimen with the “T"-shaped stiffeners behaved in an almaost
identical manner to the regular specimen with “I*-shaped stiffeners because the mode of failure of
both concrete-tilled specimens was brittle fracture of the steel above the base weld rather than
buckliing failre as was observed in the hollow specimen. The "T™-shaped stiffenar had no beneficial
effect in concrete-filled specimens. It is thought that cracking of the concrete at the base of the piers
gpcwregfla;ilsing all inelastic deformation to be concentrated in the steel beside the weld as shown in

igure

b) Small piers (320mm x 320mm)

Two other smaller specimens, each one-third filled with concrete, were aiso tested. The first was
tested by applied lateral loading (10 cycles to displacement ductiities of 1, 2, 3.. etc. until failure) and
the second was tested on the shaking table. |dentically constructed holiow specimens were also
tested in the same way. It was found in these tests that the fillet weld at the base of the concrete-filled
specimens fractured and that the deformation capacity was the sama as thal of the hoilow piers.
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The strength of the specimens retrofitted by concrete infill was increased by between 17% and
34% and a sudden brittle failure occurred at the base of the specimens at the same or at a lower
displacement than in the hollow piers. The overall seismic resistance of the specimens when
evaiuated by the equal energy methods was increased by the addition of concrete, however. the
overall seismic resistance may decrease when the equal displacement methods are used.

ALTERING DEFORMATION CAPACITY WITHOUT INCREASING STRENGTH

While it may be generally desirabie to increase the strength as well as the detormation capacity of
piers i order to provide greater earthquake resistance, there may be instances where the ductility
capacity alone is desred to be increased. H the load resistance of the foundation is similar to that of the
pier, an increase in the pier strength will result in a movement of the area of damage from the pier into
the foundation. A method to increase the deformation capacity of the pier without increasing the
strength may be required if inelastic foundation deformation is undesirable. The method proposed is
to use a steel plate on the back of the longitudinal stiffeners as illustrated in Figure 25 in order to
reduce the twisting of these stiffeners and to provide the centre of the side with a greater fiexural
strength to resist buckling. If the steel plate is only placed in the middie region of the panel then the
overall strength of the pier shouid not increase significantly it is thought that care may be required in
the attachment of the plate to the pier in order to avoid concentration of strain in the pier below the
plate. This method is expected to be most effective in piers which fail by overall buckling of one side
because the buckle of these piers is concentrated in the centre where the stiffeners will be of most
effect. The method may be of little or no use in piers which fail by weld fracture.

CONCLUSIONS

The following conclusions may be made about the repair and retrofit methods of rectangular steel
piers using steet plates and concrete infill which were investigated:

1} Repair using "sirengthening plates”™ and "comact plates” increased the strength of the damaged
piers and at least the same deformation capacity was obtained in the cases examined.

2} "T"-shaped longitudinal stiffeners were of no benefit because the mode of faiiure of concrete-
tilled piers was brittle fracture near the base weid rather than buckling.

3} Retrotit by filling piers with concrete may increase the strength but may even decrease the
ductility capacity.

4] It may be possibie to increase the detormation capacity without increasing the stiffness by using
internal stifening plates.
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RESOLUTIONS

1. Both Japanese and U.S. participants gained Inslghts Intc the retrofit needs
and technical scolutions for bridge retrofit in the other countrfes as a result of
the workshop. It is recommended that a further workshop be held in one to two
years.

2. Considerable progress has been made In Implementing retrofit techniques to
restraln bridge spans from falling. As & consequence future research and
implementations should be directed Into more critical areas.

3. Both countries are actively involved In developing retrofit technics for
improving performance of bridge piers. The research being carried out has been
complementary rather than duplicate, which emphsis the value of the current
Information exchange. Japanese research Is dlrected primarily to problems
associated with premature termination of longltudinal reinforcement. U.S.
research has been directed toward Improving flexural ductlility and shear
strength of plers. Continuing cooperation and information exchange Is
recommended In this area.

4, Both slides recognlze the importance and difficulty of effective retrofit of
bridges on foundations of {nadequate strength or stability. Increased efforts to
develop and Implement effective solutions Is urged.
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APPENDICES

WORKSHOP PROGRAM

Mon. Dec. 17
8:15 Leave Hetel Sunroute Tsukuba
8:30 Leave Hotel Grand Shinonome

8:45 - 9:20 Reglistration
9:30 Opening Session
{Chairman : K.Kawashima, M.J.N.Priestley)
Address by Dr.T.Iwasakl, Director-General, PWRI
Address by Dr.H.S.Lew, Chief of Structural Division, Naticnal
Institute for Standards and Technology

10:30 Session 1 : Ristory of Selsmic Damage and Preparation of Seismic Design
Codes
(Chatrman : G.A.Macrae)

10:30 1) Seismic Design, Seismic Strengthening and Repair of Highway
Bridges in Japan
(K.Kawashima)

10:50 2) Bridge Substructures and Design Methods
(M.Ckahara, S5.Takagl and S.Nakatani)

11:10  3) Design Detalls of Relnforced Concrete Bridges In Japan
(T.Akimoto)

11:30 Discussions

13:30 Session 2 : Damage to San Francisco Bridges in the Loma Prieta
Earthquake
(Chairman ; J.Gates)

13:30 1) An Overview of Damage to Bridges in the Loma Prleta
Earthquake of October 1989
(H.S.Lew)

13:50 2) San Francisco Double Deckers - Observed Damage and a
Possible Retroflit Solution
(M.J.N.Priestley, F.Selble)
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14:10 3) Full-scale Tests on the Cypress Viaduct
(S.Mahin and J.Moehle)
14:30 Discussicns

15:00 Break
15:30 Session 3 : Assessment and Prioritization of Vulnerable Bridges
(Chairman : H.S.Lew)

15:30 1) Assessment and Retroflt Research for Multi-level, Multi-column
Bents
(S:.Mahin and J.Moehie)

15:50  2) Prioritizing Bridges for Seismic Retrofit
(J.Gates and B.Maroney)

16:10 3) Damage and Performance Assessment of Existing Concrete Bridges
Under Seismic Loads
(F.Seible and M.J.N.Priestley)

18:30 4) Large Earthquake Countermeasures for Bridge Substructures on
Tomel Expressway
(T.Tsubouchl, K.Ohash!l and K.Arakawa)

16:50 Discussions

17:35 Adjourn

17:45 Leave PWRI

18:00 Dinner at Steak House ASAKUMA
20:00 Arrive Hotel Grand Shinonome



Tue. Dec. 18
9:00 Leave Hotel Grand Shinonome
9:10 Leave Guest House of PWRI
9:30 Sesslion 4 : Inspection and Streangthening Methods for Relnforced
Concrete Bridge Plers
{Chairman : $.Mahin}

9:30 1) Seismic Inspection and Selsmic Strengthening of Reinforced
Concrete Bridge Plers with Termination of Main Reinforcement
at Mid-Helght
(K.Kawashima, S.Unjoch and H.Iida)

9:50 2) Seismic Strengthening of Reinforced Concrete Bridge Piers on
Metropolitan Expressway
{T.Akimoto, H.Nakajlma and F.Kogure)

10:10  3) Selsmic Strengthening of Reinforced Concrete Bridge Plers on

Hanshin Expressway
{(Y.Matsuura, I.Nakamura and H.Sekimoto)
10:30 Discussions
11:00 - 11:20 Visit Vibration Laboratory
11:20 - 11:40 Visit Earthquake Engineering Laboratory
11:40 - 12:00 Visit Structure Englineering Laboratory

13:30 Session 5 : Research on Seismic Retrofitting and Strengthening of
Reinforced Concrete Bridge Plers
{Chalrman : H.Iemura)

13:30 1) Retrofit of Columns for Enhanced Seismic Performance
(Y.H.Chal, M.J.N.Priestley and F.Seible)

13:50 2) Study on Ductility Estimation of Fiber Mixed RC Members
(S.Kobayashl, H.Kawano, K.Morihama and H.Watanabe)

14:10 3) Effect of Carbon Flber Reinforcement as a Strengthening
Measure for Reinforced Concrete Bridge Plers
(T.Matsuda, T.Sato, H.Fujiwara and N.Higashida)

14:30 Discussions
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15:30 Session 6 : Research on Selsalc Retrofitting and Strengthening
(Chalrman : F.Selble)
15:3¢ 1) Earthquake Failure Criterla of Original and Repalred RC
Members with Hybrid Experlments
{H.lemura, K.Izuno and Y.Yampada)
15:50 2) Formulation of Ducttlity of Reinforced Concrete Members and

Influence of Ductility on Response of Reinforced Concrete
Frame Structures

(H.Mutsuyoshi and A.Machida)
16:10  3) Repalr and Retrofit of Steel Plers

(G.A.MacRae, K.Kawashima and K.Hasegawa)
16:30 Discussions

17:00 <Closing Session : Adoption of Kesolution
(Chairman : N.J.M.Priestley, K. Kawashima)}

17:30 Closure
17:45 Leave PWRI
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9:15 Leave Tsukuba (Grand Hotel Shinonome)for Tokyo by PWRI Bus
Visit Tokyo Metropolitan Expressway (TME Corporation) by TMEC Bus
+ Strengthening of RC Plers
+ Yokohama Bay Bridge

+ Route 12 (Suspension Bridge under Construction}
16:00 Stay at Hotel Shinbashi Dalichi

9:00 Leave Hotel for Tokyo St.
9:32 Take Super-Express Tralin (Kodama No.473) for Kakegawa In Sizuoka
11:30 Arrive at Kakegawa St.

Visit Tomel Expressway (Japan Highway Corporation) by JHC Bus

+ Retrofit of RC Piers against Tokal Earthquake

16:21 Leave Hamamatu St. for Nagoya by Super-Express Traln (Kodama No.d41)
17:27 Leave Nagoya St. for Okayama (Change Train to Hikari No.i19)
19:31 Arrive at Okayama St.
19:50 Stay at the Guest House of Honshu-Shikoku Bridge Authority

Frl. Dec. 21
8:30 Leave Hotel for the Honshu-Shikoku Bridge
Visit Seto-Ohashi (Honshu-Shikoku Bridge Authority) by HSBA Bus
13:03 Leave Okayama St. for Osaka by Super-Express Train (Hikari No.114)
14:02 Arrive at Shin-Osaka St.
Visit Hanshin Expressway (Hanshin Expressway Corporation) by HEC Bus
+ Retrofit of RC Plers

17:00 Arrive at the Guest House of Hanshin Expressway Corporation

Free (Visit Kobe or Kyoto : Japanese Culture)
Leave Japan from Osaka International Alrport

----------------------------------------------------------------------------------------
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