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The National Institute of Standards and Technology (NIST) and the Public Works Research

Institute (PWRI) • Japan sponsored their first workshop on seismic retrofit of bridges.
The workshop was organized by the Task Committee on Wind and Earthquake Engineering for
Tranportation Systems of the Panel on Wind and Seismic Effects, U.S.-Japan Program in

Natural Resources. Since 1971, Japanese and U.S. transportation officials have conducted
extensive bridge inspections and strengthened their bridge superstructures. The workshop
objective was to compare the U.S. and Japanese approaches to strengthening bridge structures.
The workshop addressed a variety of topics including seismic design codes and inspection
and strengthening methods for and research on reinforced concrete bridge piers. The

workshop identified a fundamental difference in t:he U.S. and Japanese approach to

strengthening bridge structures. The U.S. foll~ws a systems approach; Japan follows a
step-by-step approach based on performance of bridge structures during past earthquakes.
The twO day workshop was held in the Tsukuba Science City. Japan during 17 and 18 December 19~
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At 5:04 p.m., Pacific Daylight Time, on October 17, 1989, an ~~rthg~akewith a surface-wave
magnitude of 7.1 occurred with i~ epicenter located about 10 mil~(15 km)Jnortheast of
Santa Cruz and:6O miles. (95 kmY south-southeast of San Francisco, CalIfornia. According
to the U.S. Georogical Survey, the earthquake ruptured a segment of the San P,utdreas fault
below the Santa Cruz Mountains. The hypocenter was abQl.!1 11 miles (18 krn)\ beneath the
Earth's surface, and the rupture propagated about 25 miles-(40 krn) 'ooth northwest and
southeast within a 10-second period. The earthquake was felt--over an area of 400,000
square miles (1,000,000 sq km), from Los Angeles to the south. Oregon to the north, and
western Nevada to the east. This earthquake, named the Lorna Prieta earthquake, was the
largest on the San Andreas fault-since the great San Francisco earthquake of 1906 (M =
8.3) when a 275-mile (440-krn) stretch of the fault ruptured. This report presents an
overview of damage to highway bridge structures during the earthquake.
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FORWARD

The appropriate maintenance and retrofit of older exlstlng bridges to ensure

they remain serviceable In the long term Is becoming more and more Important. In

the light of lessons learned through past seismic damage, a number of highway

bridges are considered to have low levels seismIc safety from the view of current

desIgn practice. Therefore, it is of considerable Importance to develop methods

for the retrofit and strengthening of exIsting highway brIdges whIch have high

vulnerahllity for seismic damage.

The Japanese Ministry of Construction has made seismic Inspections of hIghway

bridges throughout the country severa.l times from 1911, and has also conducted

seIsmic strengthening projects following these Inspections. As a result of such

strengthening efforts, such as Instaillng devices for preventing the

superstructure from failing, the seismic safety of the highway bridges has been

Increased. SI'P.llar Improvement of bridge behavior In California has resulted from

an extensive program to install restraIners across superstructure movement

joints. Further work is still In progress to bring the strength of bridges up t 0

present desIgn requirement I'nd efforts are particularly being concentrated on

developing appropriate strengthening methods for bridge substructures.

On the other hand, in the United States, the damage to bridges during Loma

Prieta Earthquake of October 11, 1989 has made It necessary to urgently develop

methods for IncrNlslng the seIsmic performance of existIng bridge substructures.

It Is mutual benefit for both the U.S. and Japan to share the problems and the

methods for so 1vlng them In order to promote methods for Increasing the seismic

performance of brIdges.

Over the last 22 years, the Panel on Wind and Seismic Effects (Japan side

Chairman : T. IwasakI. Director-General of Public Works Research Institute,

Ministry of ,":onstructlon, and U.S. side Chairman: R. N. Wright, Director of Center

for Bullding Technology. National Institute of Standards and Technology) under

llJNR (U. S. -Japan Conference on Development and Utilization of Natural Resources)

has promoted the sharIng of Information and technology for mItIgating the

effects of earthquakes on transportation systems. Separate workshops are also

held to facllitate further exchange of Information and Ideas on specific areas of

mutual Interest.

The following proceedIngs document the results of the First U.S.-Japan

Workshop on SeIsmic Retrofit of Bridges. This workshop was sponsored jointly by



the Public Works Research Institute (PWRI) of Japan and the National Institute for

Standards and Technology (NIST) of the U.S.A.

The workshop was held at the PWRI factlltles In Tsukuba Science City, Japan.

between December 17 and 18, 1990, and was organized by Task COlDmlttee J "WInd and

Earthquake Engineering for Transportation Systems, (Japan SIde Chairman : Y.

Shlol, Director of Bridge and Structure Department, PWRI, and U.S. Side Chairman

: J. Cooper, Deputy Chief, Structures Division. Office of Engineering and Highway

Operations Research and Development, Federal Highway Administration,)" Panel on

Wind and Seismic Effects, UJNR.

The alms of this workshop were: (1) to bring together experts from both

countries to exchahge technical Information on current research and practical

efforts being made In the area of seismic Inspcctlon and strcngthenlng of bridges,

and (2) to Identify future needs and opportunities between the two countries for

cooperative research.

A broad range of special technical topics were presented at the workshop.

These Included:

o History of Seismic Damage and Preparation of Seismic Design Codes

o Damage to San Francisco Bridges In the Loma Prieta Earthquake

o Assessment and Prioritization of Vulnerable Bridges

o Inspection and Strengthening Methods for Reinforced Concrete Bridge PIers

o Research on Seismic Retrofitting and Strengthening of Reinforced Concrete

Bridge PIers

o Research on Seismic Retrofitting and Strengthening

In total, nineteen papers were presented In the two days of plenary sessIons:

12 papers froll Japan and 7 papers froll the United States.

The .aterlal In the proceedings are presented as follows: (I) all technical

papers are given In the order In which they were presented during the workshop:

(2) resolutions that were unanimously approved by the participants durIng the

closing session of the workshop. The workshop program and list of participants

are given In the Appendices of the proceedings.

In concluding the forward, we wish to express our profound gratitude and

sincere appreciation to all partlclpants In the workshop for supporting the

workshop by active discussion. We were able to close a very successful workshop

In which participants froll both sides came to understand the problems and



solution methods used by the other countries through the exchange of Important

teclmlclJl InfurmlJltun un the seismic retrofit of bridges.

GraLcful thanks are extended Lo Japan Highway Public Corporallon,

McLropolitan Expressway Public corporation, lIanshln Expressway Public

Corporat.lon, and lIonshu-Shlkoku Orld"e Authority for the generous cooperation

In the workshop and In particular during the study-tour of seismic strengthening

cfforts and const-ructlon projects In JUluln. We also would like to thank Dr. G.A.

Mad~ae uf PWIU for translating English Into Japanese and vice versa for Japanese

parllelpants, and the asslsllng staff, Messrs. 1<. l'illDura, S. UnJoh, H. Nagashlma,

II. IIda, and H. Shimizu of PWHI for the swooLh progress of the schedule.

Kal.uhlko KAWASHIMA, and

M. J. Nigel PIUESTLEY

December 18, 19!.lO
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SEISMIC DESIGN, SEISMIC STRENG11IENING AND REPAIR OF

DIGHWAY BRIDGES IN JAPAN

Kazuhlko KAWASIIIMA

Head. earthquake Engineering Division. Public Works Research Institute.
~lInlstry of Construction. Tsukuba Science City. Ibarakl-ken. Japan

SUMMARY

This paper presents earthquake hazard mitigation efforts for road
transportation facilities In Japan. Emphasis Is placed on seismic disaster
prevention measures for highway bridges. Description Is firstly given to
seismic damage developed In the past earthquakes and the history of the
development of 'lie seismic design method. Current seismic practice Is then
presented based on the latest version of Seismic Design SpecificatIons of
HIghway Bridges Issued by the MinIstry of Construction In 1990. Description
Is also given to new technical developments for passIve and hybrId control
of highway bridges. and for disaster Information gathering and processing
systems. Seismic Inspection and strengthening methods based on the past
experiences are presented. Finally. an assessment and repair method for
seismically damaged highway bridges Is presented.

INTRODUCTION

Located along the PacifIc Seismic Belt. Japan Is one of the most
seismicallY disastrous countrIes In the world and has often suffered
slgnl f1can t damage from large earthquakes. Considerable efforts have been
pa,ld to earthquake hazard ml tlgatlon for transportation faeiH ties. In
particular. seismic safety of highway bridges has been a major ccncern
because damage of highway bridges causes extensIve Interruption of road
transportatlon and restoration often requires long time.

This paper presents pre-earthquake and post-earthquake measures for
mitigating earthquake hazards on road transportation facilities In Japan.
with emphasis on countermeasures for highway bridges. Development of new
technology for reducing structural response by means of passive and hybrid
control. and for disaster Inforlllation gathering and processing systems Is
also presented.

DAMAGES OF OIGDWAY BRIDGES IN mE PAST EARmQUAICES

Illghways In Japan consist of the Expressways (3.121 kll), National
Highways (46.661 km). Prefectural Roads (128.202 km). and MunIcIpal Roads
(925,138 km). Along the highways and roads. excludIng the Municipal Roads.
there are about 50.000 bridges with the length of 15 • or longer.

Preceding page blank
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Table I shows the hIghway bridges which suffered damages In the past
earthquakes sInce the Kanto Earthquake of 1923. It should be noted that
although there were many bridges which suffered damages due to
earthquakes, number of brIdges which fell down Is only 15.

Based on the survey of the damaged bridges, It Is pointed out that there
were three major factors which cont~lbuted to the damages of the bridges
as" :

a) weakness of substructure.
b) weakness of bearing supports, and
c) weakness of surrounding subsoils.

From such factors. the followIng types of damages were most often
developed In the past:

a) substructure: tilting, settlement, sliding, cracks. and overturning
b) superstructure: movement, buckling and cracks near the supports. and

failing of girder
c) bearing supports: failure of supports, and pull-out or rupture of

anchor bolts

Table 1 Duage of D1gbway nrldges In tbe Past since I(anto Earthquake of
1923
~---~~ -------

NU.BER OF NUMIU OF
DATE EARTHOUAKE MAGNITUDE IIlGG£S DAMAGED BRIOOES WHICH

FElL IIOWI

1m.•. I KANTO 1.9 1,715 1

IM.IUI NANIAI 11.1 3411 I
-

1M. UI FUKUI 13 Z43 4
1---

IM.IUS IMAICHI U I 0

IEZ. 3. 4 TOKAClfI-OIU 11.1 121 D

IlIZ. 4.30 MIYAIlI·KEIl·HOKUIU 115 117 D

11M. '.111 llilGATA 1.5 18 3I. Z.21 EIINO III 1O 0

1•. 5.11 TOKAClfI·OIU 1.9 101 D

1I7l 1.14 IlU-OHSHIMA 1.0 7 D

117•. '.12 MIYAlII·kEN-OKi 1.4 95 I

1•• 311 UIAKAWA-Gki 1.1 5 0

1113.511 1l...·KAI-CIIUIU 1.1 171 0
-

1114.1.14 IlAGAIlO·UI·IEIIU 1.1 14 0

TOTal 3.111 IS

-4-



Although these sorts of damage arc the ones commonly observed In the
past earthquakes. the damage types have been changing in accordance with
the progress of the seismic design method and Improvement of construction
practice. Seismic damage since the 1923 Kanto Earthquake may be classified
Into three stages from their significance' '(refer to Table 2).

Stage I - Damage due to Inadequate Strength of Foundations

After experiencin~ the destructive dama~e of the 1~123 Kanto Earthquake
the first requirements for s('ismlc dpsign of highway bridges were included In
the "Details of Road Strllct ures (Draft)" issuec! by the 'linistry of Internal
Affairs In 1926. \;0 seismic effects were considered for design of highway
bridges prior to the Kanta Earthquake. Even after the first stipulations
Issued in 1926, scismic' dcsign was not adequate !)('cause the stipulations only
described design force levels without pro\'ic1in~ a detailed desi~n method or
desIgn dctal Is. Therefore, seismic safety of' bridge substructures was
inadequate until thc I n:iO' s when seismic d('si~n for foundations and
substructu res came to he wide' ly adopted.

In those days, y,t\f'n seismic ('I"f('cts wpre eitl1er disregarded or
Inadequately considered, seismic damagc was charactprized by failure of
foundations and substructures as shown in Photos 1 and 2. In most cases,
foundations ti 1tcd, moved or even overtu rned dill' to lnad('quate strength of
the foundations and the surrounding subsoils. This led to falling-off of the
superstructu res.

Photo 1 Oa.age of Sakawa-gawa Bridge on National IIlghway No. 1 by tbe Kanto
Eartbquake of 1923

-5-



Tablc 2 Changc or D8II8g'C Types

Year Major Earthquakes Change of Meljor SeismIc Damage Smmlc Des:gn Method Sersm ic Inspect ian
and Strengthening

1920 Failure of Superstructure due to
1923 Kanto Earthquake IM7.91 Tilting/Movement 01 Foundation

1926 Inltlallon 01 SeISmiC Design (Details of
Roo d StruclUres)

1930

Failure of Concrete around 1939 Int roduct ion of Standard Seismic Coefficient
1940

FI~ed Bearing
(Design Specifications of SleeL Highway Bridges I

I I
I I Damage du e to

,

1946 Nankai Earthquake IMB.tl I I LiquefactIOn
1948 Fukui Earthquake 1li/7.31 I I I I

1950 I I I I
1952 Tokachi-Olli Earthquake I I I I

rM8.11 II I I Failure of 1956 SeismiC CoeffiCient depending on Zone and
I 1 I I RC Piers, and Ground Condition (Design Specifications of

1960 8earIAg Steel Highway Bndges)
I I

1964 Hiigat. Earthquake (M7.51 I I

I I

I I
1970 I I 1971 - SeISmIC CoefflCltnt depending on ZoneRGround 1971 Seismic

I
Conditions, Importance and Strilctural .sponse Inspection

1978 Miyagi·ken-oki EarthqUake
- Introduction of Evaluation Method for

liquefaction ISpecifications for Seismic Design) 1976 Seismic
IM7.41

1980 • Port V Seismic DesicJ n, Specifications for Design
Inspection

1980
1982 Urakawa-aki Earthquake of Highway Br Idges 1979 SeismiC

(M7.11

~
-Introduction of New Evaluation Method for Inspection

1983 Nihon- kai -chubu Liquefactions 1986 Seismic
Earthquake (M7. 71

1990 Part VSeismic Design, Specifications for Design
Inspeclian

1990 L.J ~

of Highway Bridges

i
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Photo 2 Ila.mag(' of Nakazllno IIricfg(~ hy the Fukui Earthquake of 1948

Stage 2 Ilama~c due to Soi I I.iQu('facUon

.\ I: h()II,,1i I Ill' rl.llll:!"" dIJI' 1() in:l<!".jIJ:lt (, sl rl'n"t h oj' l"olJllfJ:ll ions bf'Cam0
less l'r('qlwnt in I,'('or-<!;!TWI' .... illl t:Jl' i IIII' r<l\ <'llll'nt <II" sf'hmi,' d('si~n anL!
('Ollst r!wt JOIl nIl't hr ~'" 1 i:" 111'\1 "1;\"" Ill" (1:lm:l;':-1' I'lwllllnl "fl,(j "as soil failure
during ltl!' 1:)(;4 \iig;lt:l !';lrthqllak,'. S(,jl li'lIlf'Lwlil)ll. "II ie'll look place

rX\Cl1si\'('ly :lrOlJlld sill'S, (';llls<'d ,jcs! r!wl 1\<' d;lllla"" 10 bridg0s. Photos 3

,1IH1 4 sho"s I tw 1:111 inl! ()fT oj' \tH' 11<'('ks of' t IH' SlIo"';1 Ilridg<', l-xtrnsi\'c soil
mo\,('m0nt assoe!a! Iii I !(lIW1':I('t ion ('aIJ,-;c(j larg<' lal('r:11 mo\,('mcllts of bent

pi \f' foundal iCd\S, .... !Iie-Ii 1':lllSC(! t !i,' ilr0l'pillj..; rdT of' 111<' d"I·k.

~ ,'~

l ' .~.~. .'

-..~....,... -
Photo 3 \}ama~c of Shown Urht~e hy the Nilgnta Earthquake of 1964



Photo 4 DaJ811gc of IIlgashl-Koscn Bridge by the Nllgata F.arthquakc of 1964

Through the damage. It was learned that It is Important to take account
of liquefaction in desil{n of bridgf's. and various studies for assessing and
evaluating the effects of liquefaction were Initiated. Throu/;h such studies,
the first stipulations for ass('ssm('nt of liquefaction wpre introciucpd in the
"Seismic Design Specifications of Hh{hway BrIdges" In 1~71.

One more important lesson gained frDm the \iigata Earthquake was that
devices for preventing falling-off of superstructures from the crest of
substructures arc rf'qulrcd. It was considered that even if large relative
movements between the deck and substructures occurred due to either
failure of substructures or failures of soils such as soil liquefaction.
critical failure causing falling-off of deek could be prevented If such
devices were provided. Various devices were then developed. and design
recommendations were Included In the Seismic Design Specifications of
Highway Bridges Issued In 1971.

Stage 3 - Duagc to Piers and ncaring Supports

In recent earthquakes including the Miyagi-ken-oki Earthquake (:'017.4) of
1978 and the Nlhon-kal-chubu Earthquake (M7.7) of 1983. substantial damage
due to inadequate strength of foundations and effects of soil liquefaction
was not developed in those bridges designed and constructed in accordance
with the recent design specifications. However. damages to reinforced
concrete piers and bearing supports were developed extensively as shown In
Photos 5. 6 and 7. This Is due to the fact that other modes of failures such
as tilting or movement of the foun(i:ltlons. soil lIquefacLion. and falling-off
of superstructures were prevented by the new design recommendations.

The new strengthening and earthquake resistant countermeasures brought
damage at the next weak points such as the reinforced concrete pIers and
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Photo 7 D8IIag'e to Reinforced Concrete Piers of Shlzunal Bridge by the
Urakawa-okl Earthquake of 1982

by shear at the mid-height of the reinforced concrete piers where main
reinforcement was terminated. In the design specificatIons Issued prIor to
1980, the main reinforcement was terminated with the bond length of 12 times
the diameter of the maIn reinforcement. Through the damage, such as that
shown In Photo 7. the bond length was revised In the 1980 specIficatIons to
12 tImes the diameter of the main reinforcement plus the effective width of
the pier.

mSTORY OF SEISMIC DESIGN OF HIGHWAY BRIDGES

Seismic design was initIated for highway brIdges in 1926 after the
experIence of the Kanto Earthquake In 1923. The importance of considering
seismic effects in design of highway bridges was recognized from the
extensive damage developed by the Kanto Earthquake. The first stipulations
requiring seismIc effects for highway brIdges were Included In "Details of
Road Structures (Draft)" Issued by the Ministry of Internal Affairs In 1926.
It was stIpulated In the draft details that the maxImum lateral force
expected to develop at the site shall be considered in seIsmic design. It was
also recommended In the draft details that 30 % of gravIty force shall be
adopted for the reconstruction of the bridges damaged by the Kanto
Earthquake at Tokyo and Yokohama.

After experiencing signIficant damage during strong earthquakes seismic
regulations were reviewed and amended several times as shown In Table 3.
"Design Specificat Ions of Steel Highway Bridges (Draft)" were Issued In 1939,
and "Design Specifications of Steel Highway BrIdges" and their revised ver
sion were Issued In 1956 and 1964, respectively. A seismic lateral force of 20
% of the gravity force was stipulated In these specifIcatIons. The 20 \;
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Table 3 lIIstory of Design Scls.lc toads for lIIghway Bridges In Japan

1978 Miyagi·ken-oki
IM741

,1982 Urakawa·oki
IM711

1983 Ninon·kai·chubu
IM7.71

:1946 Nankai IMB.l)
:1948 Fukui IM7.31

.1952 Tokachi·oki (M8.21
,11164 Niigata IM7.S)

Major Earthquakes
t-----.- ..-.- ---.

1881 Nohbi IM8.41
--1923 Kanto IM7.91

Not Considered

- - ------ -- --..
- h·Melhod lor

, Evaluation of
Liquefaclion

• Device lor Prevenling
Falling-off of
Superstructure

-

• Evaluation 01 Sandy
lavers Vulnerable 10
Liquetaclion

• Device for Prevenling
Falling·oll of
Superslructure

- - --1

• Fl-Melhod for
Evaluation of
Liquetaclion

• Device for Preventing
I Falling.oll of

Superstructure

. -

,Not C9nsidered

Seismic Design Melhods Other Stipulaltons lor
Seismic Effects

.-'Ncit Considered

Name of Regulations

Part VSeismic Design of
Design Specificalions of
Highway Bridges. MDC

Year

1980

1971

1926

1886

1990

--~---~-- ....-.

Order No. 13. Ministry 01 Nol Considered
Internal Allairs

I Details 01 Road SlruclUres Seismic Coefficienl
IDrafll. Road Law. MIA Method

k.=O.15~.4Ik.~D.3
advised in Tokyo and

.+ _ _ Yokohama). _-+_ . _

Design Specifications of Seismic Coefficient ' Not Considered
Steel Highway Bridges Method
IDrall/. MIA .lk.=O.2. k..=D.ll

1956 Design Specifications of Seismic Coefficient
land 19641 Steel Highway Bridges. Method

Ministry 01 Construction .• Ik.~1-0351
Specifications for Seismic _ Seismic Coellicient

.Design ot Highwav Method
Bridges. MDC Ik.=O 1~241

- Modified Seismic
Coetlicienl Method
Ik.=O.OH.3)

- Seismic Coellicient
Method
Ik.=D.l-0241

- Modified Seismic
Coetlicient Method
Ik.=DD~31

- Check of Deformation
Capability of RC Piers

- Dynamic Response
• _ ~nalysis

Part VSeismic Design of - Seismic Coefficient
Design Specifications of Method
Highway Bridges. MDC Ik.=D 1-031

- Check 01 Bearing
Capacity of RC Piers
101' lateral Fo, ce

- Dynamic Response
.~A.nalysis

gravity force was considered for long tIme as a basic design force for
highway bridges.

The first comprehensIve seismic design stipulatIons were Issued by the
Ministry of Construction In 1971 In a separate volume exclusively for seismic
design as ftSpeclflcatlons for Seismic Design of Highway Bridges":;'. It was
described In the specifications that lateral force shall be determined
depending on zone. Importance and ground condition In the static lateral
force method (seismic coefficient method) and structural response shall be
further considered In the modified static lateral force method (modified
seismic coefficient method). Evaluation of soil liquefaction was firstly
Incorporated In view of the damage caused In the 1964 Nllgata Earthquake.
Design details to Increase the seismic safety such as devices for preventing
fallIng-off of superstructure from substructures were newly Introcuced.
Design methods for substructures were also Issued between 1964 and 1971 In
the form of "Design SpecIfications of Substructures". Therefor"e. It Is
considered that considerable Increase of seismic safety was made for those
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bridges designed and constructed In accordance with the 1971 Specifications.

The 1971 specifications were revised by the Ministry of Construction In

the form of "Part V SeismIc Design" of the "Design Specifications of Highway
Bridges" In 1980. The DesIgn SpecIfications of Highway Bridges consist of
"Part I Common Part", "Part II Steel Bridges", "Part 1II Concrete Bridges",
"Part IV Founrlatlons", and "Part V Seismic Design". AI though the Part V was
essentially the same as the 1971 Specifications. & rational evaluation method
for predicting soil liquefaction as well as practical design methods at the
time when liquefaction Is judged to occur'" was Included In the Part V

Seismic Design.

The latest spLclflcations were Issued by the Ministry of Construction In
February 1990 In the form of "Part V SeismIe Design " for the " Dcsign
Specifications of HIghway Brldges"~''''. Major revisions Introduced In the
HHJO Specifications were unification of static lateral force method (seismic
coefficient Rlc!.hod) and the modified static lateral force method (modified
seismic coefficient method) Including the revIsion of ttte seismIc design
force. a new method for computing Inertia force for mUlti-span continuous
br idges. a new ductility check for rei nforced concrete piers. and detai led
stipu lations for dynamic response analysis. These revisions were
Incorporated based on the recent studies for predicting earthquake ground
motions and strC'ngth of reinforced concrete piers co, _ ) ,c, ,

SEISMIC DESIGN OF nIGHWAY BRIDGES

Outline

IIIghway bridges are vItal components of highways, and they have to be
safe enough against earthquakes so that the function of highways be
maintained. They have to be used without loosing any structural functions
against small to moderate earthquakes which have high to moderate
possibility of occurring at the site. CrItical failures causing total
collapse of a bridge have to be avoided even during significant earthquakes
such as the Kanto Earthquake of 1923.

The "Part V Seismic Design" of the "Design Specifications of Highway
Bridges" Is applied for the seismic design of highway bridges with span
lengths not longer than 200 meters. The specificatIons stipUlate the
a~optlon of the stat1c lateral force method (seIsmic coefficient method)
based on the allowable stress design approach. A check of the ductility for
reInforced concrete piers (Check of Bearing Capacity of Reinforced Concrete
Piers for Lateral Force) and dynamic response analysis are recommended In
accordance with flow chart presented In Fie. 1. Emphasis Is placed on the
need to Install devices for preventing falling-off of the superstructures
from the substructures.

The "Part V Seismic Design" of the "Design Specifications of Highway

-12-



Zone IA.B,CI

...-----~HGroundCondition 11,_, II

Importance {1,21

Assume Reinforcement

Determ ine Structural
Dimensions for Deod LDad

Evaluate Soit Properties and
Determ Ine Ground Surface
Assumed in Seismic DesiCJll

Compute ~nertio Force.
DynamiC Earth Pressure, onel
Dynamic Hfdro ulic Pressure

Determine Structural Unit for
Seismit Ces ign

Compute Natural Period

Dettlm Ine Se ismic Caeflicienl

Evoluote Liquefaction
af Sondy Soil Loyer

Evaluate IMtability of
I/ery So't Clorey/~ty

Soil Loyer

No

No

hIodify the Oni9n I------f

Flg.l Flow of 8elsa1c Design of Blgh1t'1I,Y Brldce
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Bridges" have the contents as~')

Chapter I General
1.1 Scope and Application
1.2 Definition of Terms

Chapter 2 Basic Principles of Seismic Design
Chapter 3 Loads and Design Conditions In Seismic Design

3.1 Loads and Combinations for Seismic Design
3.2 Effects of Earthquakes
3.3 Inertia Force

3.3. 1 General
3.3.2 Computation ~ethod of Natural Period
3.3.3 Computation Method of Inertia Force

3.4 Dynamic Earth Pressure
3.5 Hydrodynamic Pressure
3.6 Ground Conditions for Seismic Design
3.7 5011 Layers of Which Bearing Capacity Shall be Decreased In SeIsmic

Design
3.7.1 General
3.7.2 Sandy Layers Vulnerahle to Liquefaction
3.7.3 Very Loose Clayey and Silty Soil Layers
3.7.4 Soil Layers of WhIch Bearing Capacity Shall be Decreased and

Treatment of the Layers
3.8 Ground Surface Assumed in Seismic Design

Chapter 4 Seismic CoefficIent
4.1 General
4.2 Standard Horizontal SeismIc Coefficient
4.3 Modification Factors for Standard HorIzontal SeIsmic Coeff!clent

Chapter 5 Check of Bearing Capacity of Reinforced Concrete Piers for
Lateral Force

5.1 General
5.2 Check of Safety
5.3 Horizontal SeIsmIc Coefficient for Check of Bearing Capacity of

ReInforced Conc:-ete Piers for Lateral Force
5.3.1 Equivalent Horizontal Seismic Coefficient for Check of BearIng

Capacity of Reinforced Concrete Piers for Lateral Force
5.3.2 Horizontal SeIsmic CoefficIent for Check of Bearing Capacity

of Reinforced Concrete Piers for Lateral Force
5.4 Bearing Capacity of Reinforced Concrete Piers for Lateral Force

5.4.1 Bearing Capacity of Reinforced Concrete Piers for Lateral
Force, Allowable DuctilIty Factor, and Equivalent Natural
Period

5.4.2 Bearing CapacIty, Yielding Force, Ultimate Displacement and
Yielding Displacement

5.4.3 Bearing Capacity of ReInforced Concrete Piers for Shear
Chapter 6 Dynamic Response Analysis

6.1 General
6.2 Dynamic Response Analysis Method and Analytical Models

6.2.1 Method of Dyna.1c Response Analysis
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6.2.2 Analytical Models
6.3 Input Ground Motions for Dynamic Response Analysis

6.3.1 Acceleration Response Spectra for Modal Response Spectral
Analysis

6.3.2 Accelerations for Time History AnalysIs
6.4 Check of SeIsmic Safety

Chapter 7 Structural Details In Seismic Design
7.1 General
7.2 Device for Preventing Falling-off of Superstructure from

Substructures
7.2.1 General
7.2.2 Devices for Preventing Falling-off of Superstructure
7.2.3 DIstance between Edge of Crest of Substructure and Edge of

Deck
7.2.4 Devices for Fall of Deck

7.3 Design Details for SeIsmic Design at Bearing Supports
Chapter 8 DevIces for ReducIng Lateral Force

(Appendix)
I . References on Liquefaction
n. Examples of ClassIfication of Ground CondItion
m. References on Design Ground MotIon
IV. Example of ComputatIon of t\atural PerIod and Inertia Force
V. Reference on BearIng Capacity of Reinforced Concrete Piers for

Lateral Force
\1. PractIces of Design Details for SeIsmIc Design

Scls.lc Lateral Force for St.atlc Lateral Force Method

(1) In the static lateral force method (seIsmic coefficIent method), the
horIzontal design seismIc coefficIent shall be determIned by Eq.(l), but no
less than 0.1.

k~. = c", • c" • CI • CT' kt,C' (1)

where
k~. : design horIzontal seismic coefficient.
k~,u : standard design horlz-:>ntal seismic coefficient (=0.2),
c'" : modification factor for zone (refer to FIg. 2),
C" : modification factor for ground condition (refer to Table 4),
c, : modification factor for Importance (refer to Table 5),and
CT : modification factor for structural response (refer to Table G).

For computing inertia force associated with the weight of soils
and dynamic earth pressure, CT shall be 1.0.

FIg. 3 shows the horizontal seIsmic coefficIent assullling c= ,. CI ,. l.0.
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Table 4 Ground Condition Factor CG

Ground Group I II III

Co 0.8 1.0 1.2

Table 5 I.portance Factor c,

Group C
1

Definition

Bridges on expressway (limited access highways).

1~ class 1.0 general national road and principal pre(ectur.1l
road. Important bridges on general prefectural
road and municipal road.

2nd clas~ OS Other !han the above

Table 6 Structural Response Factor e-r

Ground Group SbUCtural Response Coefficient Cor

T < 0.1 0.1 ~ T ~ 1.1 J.l < T
Group I c, .. 2.69T,n~J.(X> c, = 1.25 c, '" 1.33T-aIS

T < 0.2 0.2 ~ T :a 1.3 1.3 < T
Group II c, .. 2.l5T,n~I.OO c, = 1.25 c, '" 1.49T-~

T < 0.34 0.34 ~T S l.S l.S < T
Group III e,. .. 1.8OT'''~1.OO e,.= 1.25 e,.:: 1.64T-~
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FIg.3 Uorizontal Selsalc Coefficient kh for Static Lateral Force Method
( Cz = c. = 1.0 )

(2) The vertical design seismic coefficient may be generally considered as
zero, except for bearing supports.

(3) The seismic lateral force for structural members, solIs and water below
the "ground surface assumed In seismic deslgn H shall be considered as zero.
The ground surface assumed In seismic design depends on soil cor.dlt Ion at
the site, and Is generally assumed as the base level of footing for pile
foundations.

(4) Hydrodynamic pressure and earth pressure during earthqu3kes are
stipulated In the specIfications.

(5) Increase of allowable stresses of materials may be considered In seIsmic
design. The magnitude of the Increase for specific materIals Is specified In
the respective parts. For seismic design of substructures, the allowable
stress Is Increased 1.5 tImes for a load combination of primary load and
seismic effects.

Classification of Ground Condition

Ground conditIons are classified Into three groups according to Table 7,
In whIch characteristic value T.• shall be evaluated by Eq.(2).

Table 7 ClassIfication of Ground CondItion

r__~ROU~~~ND;T10N ~- ~Orn,jlno-N-- APPROOOTEESTIMAT10N~

._~~GROUP I 1 __" ~O.2 SE!: TERTIALY OR OLDER '

f----- GRG:JP II 1 0.2 ~ 'I < 0.6 s~~ l-!LlUVIUM AND OILUVIUM

!, GROUP III i 0.6 ~ TI I SOFT ALLUVIUM______ ---..L..... !

4hl

V"'i
(2)

where
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To} ; characteristic value (sec)
H; ; thickness of I-th subsoil layer (m)
V"" : shear wave velocIty of I-th sublayer (m/sec)
I : sublayer's number counted from ground surface

Evaluation Method of Inertia Force

Inertia forces In the static lateral force method shall be applled to
bridges in two ways depending on the seismic design structural lInlt. The
seismic design struC'turai unit shall be selected in accordance with Table 8.

r\atural period and the Inertia force shall be determined as:

I) Seismic desIgn structural unit consisting of a substructure and the part
of superstructure supported vertically by the substructure

Natura I period and inertia force shall be determined by Eqs.(3) and (4)

FlO = k,", ,R;
T = 2.01 r6-

(3)
(4)

where
FlO

T
o

Inertia force associated with dead weight of superstructure for
desIgn of I-th substructure
seismIc coefficIent consIdered for I-th structural segment
reactIon force developed at I-th substructure due to dead weight
of the part of superstructure supported by the I-th
substructure.
natural perIod. In second. of the seismIc design structural unit
lateral dIsplacement. In meter. of the substructure subjected to
a lateral force equIvalent wIth 80 % of the dead weight of a
substructure above the ground surface assumed In seIsmIc design
and the dead weIght of a part of the superstructure supported by
the substructure.

2) SeismIc design structural unit consIsting of several substructures and
the part of sUDerstructure supported vertically by the substructures.

Inertia force shall be evaluated In accordance wIth FIg'.... I.e.•

l) Idealize the brIdge by a linear elastic frame model
II) apply a lateral force equIvalent wIth the dead weight of superstructure

and substructures above the ground surface assumed In seIsmic design. and
compute the natural period as

T =2.01~
(5)

f w(s)u(s)ds
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Table 8 Sclsalc Design Structu ral Unl t

Longitudinal Transverse SeIsmic Design Unit

Regarded lIS A Unit
Consisting of A
Substructure and A Part of
Superstructure Supported
by the Substructure
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where
w(s)

u(s)

w(.)

b) D~ in La..., udlnal o.r.ction

u'(s} ll<-ad wr or .u!"'r and .ub-.truCIU~.. point • (if ..../
w(s) : 1h.1'1.(· nt al polIn I drv.loped wMn 5U¥ct..d to lal....1 rorer

equlVaJfIonl wilh d@ad "'.i«,ht of sUp!'f'SlJUetu", and lu~tru('turPabme
l!fOund .urfac.......mrd in RlSIRK-d~.

F Forcr d.....I"prd when IUbjO'ctrd to lateral fon:e ~uivalenl with dead
-IIhI of supe"lructu~ ~nd substructu... above l!fOund IUrfa..
assumrd In "'''''''1< d"'illR (If or 1/. Ifl)

FIg.4 Deteralnatlon of Inertia Force

dead weight of the seismic design structural unIt (superstructure
and substructure above the ground surface assumed in seismic
design) at point "5" (tf/m)
lateral displacellent developed In the seisllic design structural
unit at point "s" (m) when subjected to w(s) in the direction
considered In design.

lll) determine the seismic coefficient kh depending on the natural period T.
Iv) compute inertia force as

F d .. knx F (7)

where
Fd
kn
F

: shear force (tf) or bending mOllent (tfa) due to inertia force
: sets.lc coefficient

force developed In the seis.ic design structural unit when
subjected to a lateral force equivalent to the dead weight of the
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seismic design structural unIt above the ground surface assumed in
seismic rieslgn (t f ftfm)

For substructures supporting girder bridges. the shear force developed
at the center of gravity of the superstructure shall be regarded as the
lateral force for seismic design of substructures. However. when the Inertia
force computed by Eq. (7) Is smaller than the Inertia force computed by
Eq.(3). the latter shall be adopted for design. This needs some explanat!on.
The inertia force computed by Eq.(7) is approximately proportional to the
stiffness of each substructure. This ImplIes that the majority of the Inertia
force tends to be carried by the substructures with higher stlffness.
Depending on the stiffness distribution of substructures. the Inertia force
carried by piers with lower stiffness takes even negative v~lucs. However. If
failure of the structure, such as at a bearing support, occurs, the
contribution of load carried by each substructure wIll be changed from the
distribution computed by Eq.(7). Based on such consIderations, a lower limit
for the Inertia force evaluated by Eq.(7) Is Included.

Strength of Sandy Soil Layer for Liquefaction

(I) Sandy Soil Layer Needed to be Checked for Liquefaction
Saturated alluvial sandy layers which have the water table within 10 m

from the ground surface and have D~u-values on the: graIn size accumulation
curve between 0.02 and 20. mm are vulnerable to liquefaction up to a depth
of 20 m below the ground surface, and liquefaction potential of these layers
shall be estimated accordIng to Item (2).

(2) Estimation of LiquefactIon'
For those soil layers which are judged to be vulnerable to lIquefaction,

liquefaction potential shall be checked based on the liquefaction resistance
factor FL defined as

(8)

where
FL : liquefactIon resIstance factor
R : resIstance of soIl elements agaInst dynamic load defined as

R = RI + R2 + R3

R, = 0.0882 C ~ 0-7
~ 0' + •

I 0.19 (0.02 mm~D,=,o~0.05mm)

R;o = I 0.225Loglo(0.35fD~o) (0.05 mm< D:::o~ 0.6 mm)
-0.05 (0.6 mm< Deo~ 2.0 mm)

R~=IO,o (O'~F,:~40\)
- IO.004F-:-0.16 (40' <F,:-~IOO \)

N : N-value of standard penetratIon test
Deo : averaged grain size on grain size accumulatIon curve
Fe : flne sand (grain size less than 74 Jllll) content

L dynamic load Induced In soil elements durIng an earthquake
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defined as

L = r., . k~
(1v

,
U ....

r·1 1.0 - 0.015x
x : depth from the ground surface (m)
k", seismic coefficient for evaluating liquefaction, and shall be

dete rmlned as
k,. = c::' c·~, . C 1 • k ... u

C::, CG and CI : modification factor~ for zone, ground condition,
and Importance(refer to Fig. 2, Table 4 and Table 5)

k",co : standard design horizontal seismic coefficient for check of
liquefaction (= 0.15)

u '.': total overburden pressure (kgf/cm""), and
u v= {1' 1 h·· + 1,:2 ( x-h.·)} 110

u .... : effective overburden pressure (kgf/cm;o), and
q ..... = {1' 1 h·..· + 7 ~ <= ( x - h . )} 110

Soil layers having liquefaction resistance factors, FL. smaller than 1.0
shall be judged to llquefy during earthquakes.

(3) Treatment of Soil Layers Which Were Judged to Liquefy
For those soil layers which were judged to l1quefy In the above

estimation and which are within 20 m from the ground surface. the spring
stiffness and other soil constants shall be either neglected or reduced in
seismic design as shown In Fig. 5, by multIplying the original spring
stiffness and other soil constants by the reduction factor DE which is
determined in accordance with FL-value and tabulated In Table 9.

SUPERSTRUCTURE

ETI

kl=O
k2=O

: .. bD£IFd
.-....~... IH! ..... IF:~: k.D£IFL!
_. • 0 •

•5
- - k,

Flg.5 TreatEnt of Soil Layers Vulnerable to Liquefaction

Check of Bearing Capacity of Reinforced Concrete PIers tor Lateral Force

To prevent reinforced concrete piers froll failing In a brittle manner,
It Is recolIBlended that the bearing capacIty of the reinforced concrete pIers
be checked In accordance with the flow-chart presented In Fig. 6.
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Table 9 Decreasl~ Rate DE of Soil· Constants DependIng on FL Value

DEPTH FROM
GROUND SURFACE

OPtt>rmlnf> Sf-l~mK' COf'rriC"wnt
for lluctllll)' An.I)'~,,;,

t,.... ..'.,ndaTd c(W"((iru-nt
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1'11'.6 Check of BearIng CapacIty of Reinforced Concrete Pier For Lateral
Force
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I) Judgement of bearing capacIty of reinforced concrete piers for lateral
force

Bearing capacity of reinforced concrete piers for lateral force shall be
checked as

P.. > kr, ..w (9)

where
Po. : bearing capacity of the reinforced concrete piers for latcr:ll force

(tf)
k,,~ : equivalent horizontal seismic coefficient for check of

bearing capacity of the reinforced concrete piers for lateral load
W equivalent dead weight (tf), and shall be determined ;is

W = W'J + CreW"

0.5 r,.Si·~
Cp =

1.0 p .. >p-_

(10)

(ll )

W., : dead weight of a part of superstrueturc supported by the
reinforced concrete piers (tf)

W, : dead weight of the reinforced concrete piers (tf)
P,.: hearing capacity of reinforced concrete piers for flexural failure

(t f)
p,: hearing capacity of reinforced concrete piers for shear failure (tf)

2) Equivalent horizontal seismic coefficient for check of bearing carJacity of
reinforced concrete piers for lateral force

Equivalent horizontal seismic coefficient for check of bearing capacity
of reinforced concrete piers for lateral force shall be determined fjr:cordlng
to the equal energy assumption as

k,.~

k,,:

k •.
J2ti-':I-

c::. • CI • CF • kr..:o

(12)

(13)

where
k" ... : equivalent horizontal seis'llic coefficIent for check of bearing

capacity of reinforced concrete piers for lateral force
k,,~ horizontal seismic coefficient for check of bearing ca~"J,c1ty of

reinforced concrete piers for lateral force
# allowable ductility factor
c= : modification factor for zone (refer to Fig. 2)
Ct : modification factor for Importance (refer to Table 5)
c" : modification factor for structural response (refer to Table 10)
khw: standard horizontal seismic coefficient for check of bearIng capa-

city of reinforced concrete pIers for lateral force

The standard horizontal selsllic coefficient kr.eo was determined to



Table 10 Structual Response Factor CR

Ground Group SlrUClW'a1 Response Cocfrlcicnt c.

TIiQ ~ 1.4 1.4 < TEQ
Group I

c. = 0.7 ~ = 0.876TEO
.~

TIiQ < 0.18 0.18 S T1lQ'£ 1.6 1.6 < TIiQ
Group II c. = 1.51 T~n~0.7 c. = 0.85 c. = 1.16TIiQ ~

f--- .--.--.------ .---~-._--_.-~---_.---_.-
Tr.q < 0.29 0.29 S TEQ $ 2.0 2.0 < TIiQ

Group III
c. = 1.51T

EO
Ill ~0.7 c. = 1.0 c. = 1.59TIiQ-~

I

represent a reallstlc ground motion developed during a signlfleant
earthquake with magnitude as large as 8. Fig.7 shows the horizontal seismic
coefficient kl.CJ for the check of bearing capacity of reinforced concrete
piers for lateral force when c= = c, = 1.0.

/ GC =1 (STIFF I
,..- "'i /' GC = 2 (MEDIUM)

I GC = 3 150FTl

....J

~
L&J

~ OO~~-'-~----=---=-~~--"-~o 2 3 4 5
PERIOD (SEeS)

Fig. 1 Horizontal Sels.lc Coefficient khO for Check of Bearing Capacity of
Reinforced Concrete Piers for Lateral Force ( Cz = c, = 1.0 )

3) Bearing capacity of reinforced concrete piers for lateral force and
allowable ductIlity factor

Bearing capacIty of reinforced concrete piers for lateral force P, and
the allowable ductility factor 11 shall be determined based on the failure
mode as :

a)Flexural failure

P .... = p .. , +

I.l = I +

a

o '" - 0.,·

(14)

(15)

where
P,.. , 0 '" bearIng capacIty (tf) and ultimate displacement (m) for
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flexural faIlure
Py ,6 y yielding force (tf) and yielding displacement (m) for

flexural failure
a : safety factor ( c 1.5)

b)Shear failure

P.. '" Ps

JJ. = I

where
P,. : bearing capacity (tt) for shear failure

( 16)
(17)

Pbotos 8 and 9 show dynamic loading tests and shaking table tests
conducted to study Inelastic behavior of reinforced concrete piers'!' I~)

Photo a D7Daalc Lo8dID&' Tests of Reinforced Concrete Pier Models

,:"':'
Photo 9 SbaklnC Table Tests of Reinforced Concrete Pier Supporting Two

Span S1apIy Supported Girders ( Weicht • 40 tn
-26-



DynaaIc Response AnalysIs

For bridges with complIcated dynamic response and for new types of
bridges, dynamic response analysIs Is recommended to be made to check
seismic safety of the design made by means of the static lateral force

method.

In prInciple, dynamic response analysis shall be made by means of modal
response spectral analysis with usc of an analytical model which simulates
dynamic characteristics of the bridge. Acceleration response spcctrum for
the modal response spectrum analysis shall be determined as

S = c.: . C I • C [' • S -_' (18)

where
S response spectrum for modal response spcctrum analysis (gal

(=cm/sec' ))
c::: : modification factor for zone (refer to Fig. 2)
c, : moclification factor for Importance (refer to Table 5)
cc : modification factor for damping, and shall be determined based on

modal damping ratIo hi as

1.5
40h i + I

(19)

Sc. standard response spectrum for modal response analysl.,; method
(gal) (refer to Table 11)

Table II Standard Response Spectral Value So for Modal Dynaalc Response
AnalysIs

Ground Condition So (pi)

Ti < 0.1 0.1 S T. S 1.1 1.1 < T,
Group I So =43IT,I/1 ~ 160 So • 2(X) So - 22(VI'

Ti < 0.2 0.2 ~ T, ~ 1.3 1.3 < T,
Group II

So • 427Ti
1n ~ 2(X) So" m So • 32.511'1

Group III
Ti < 0.34 0.34 S T, S I.S I.S < T,

So = 4301',1/1~ 240 So • 3(X) So - 4W1'\

FIg. 8 shows the design response spectra assuming c::. :: c. :: 1.0 and Cro ::

1.0 (hi = 5 %). Fig. 9 shows the modification factor Cr',

When a tIm~ hIstory analysIs Is requIred, strong motion records which
have the similar characteristics with S by Eq.(lS) shall be used with the
consideration on sIte condition and structural response of the bridge. Three
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rGC = 1 (STIFFI

GC =2 (MEDIUM)

GC = 3 ISOFTI

z 0.3
Q

~
~ 02101--....

~
;;J 0.1
a::
~

~ ao0~....................----..J2..........----..J3---'~4..........'---'5

PERIOD (SECS I

Fig. 8 Design Acceleration Response Spectra So for Dynaalc Response
Analysis ( Cz = c. = 1.0 and CD = 1.0 ( hi = 0.05 »

2r-----------,

oL..-o.---L......o...-......................--o-....l..-..........

00 01 02 0.3 04 05
DAMPING RATIO h

Fig. 9 Modification Factor Co

ground acceleration records which were modified In frequency doma!n so that
theIr response characteristics match with So In Eq. (18) are provlc'ed in the
Specifications.

Device tor Preventing Superstructure fro. Falling

Because connections between superstructure and substructure or
between two adjacent superstructures are quite susceptible to earthquake
damage, special structural considerations are required to prevent
falling-off of the superstructure from the substructures due to damage of
those sections. For such a purpose, the following measures are applied as
shown in Fig. 10 :

(1) At 1D0vabie bearings, devices to prevent dislodgement of upper-bearings
from the lower-bearings (stopper) are provided

(2) At the both ends of superstructure, either of the followIng measures are
used to prevent the superstructure fro. dislodging fro. the crest of the
substructures:

a) The distance from the edge of superstructure to the edge of sub-
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Fig. 10 Devices for Preventing Superstructure fro. Falling

structure (Seat Length) SE shall be longer than the value as

70 + 0.5 x I
80 + 0.4 x I

I ~ 100 m
I > 100 m

(20)

In which SE and I represent the seat length In cm and the span length
In m, respectively.

b) InstallatIon of devices for preventing falling-off of superstructure
from substructures

(3) In addltlon to the Items (1) and (2), the dIstance from the edge of the
bearIng supports to the edge of substructure (Bearing Seat Length) S shall
be longer than the value as

s = I 20 + 0.5 x I
30 + 0.4 x I

(21)

In which S and I represent the bearIng seat length In cm and the span length
In m, respectIve ly

DEVELOPMENT OF PASSIVE AND UYBRID CONTROL OF IDGBWAY BRIDGFS

Developllent of Guidelines tor Design of Base-Isolated Blebw.,. Brldees

For studying the application of base Isolation technology to seIsmic
design of h\ghway brIdges, a commIttee chaired by Professor Tsuneo
Katayama, UnIversity of Tokyo. was formulated through 1986 to 1989 at the
Technology Research Center for NatIonal Land Development. Three programs
were studied In the committee, I.e.• 1) a survey of Isolators and energy
dlsslpators ",hlch can be used for hIghway bridges, 2) a study on the key
points of the desIgn of base-Isolated highway bridges. and 3) desIgn of
base-Isolatel) highway brIdges. As the final accomplIsh.ent of the study.
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"Guidelines for Design of Base-Isolated Highway Bridges (draft) " was
published In 1989 1

..).

The draft guldel~!l~s Includes the following contents:

Chapter 1 General
1.1 Related Regulations
1.2 Definition of Terms

Chapter 2 Fundamental Strategy of Base Isolation DesIgn
Chapter 3 Design of Isolators and Energy DIsslpators

3.1 General
3.2 Design Displacement of Base Isolation Device
3.3 Equivalent Natural Frequency and Damping RatIo of Base Isolator
3.4 Dynamic Characteristics of Base Isolation Device
3.5 Static Characteristics of Base Isolation Device

Chapter 4 Design of Base-Isolated Highway Bridge
4.1 General
4.2 Static Lateral Force Method

4.2.1 General
4.2.2 Horlzontc;.l Design Seismic Coefficient
4.2.3 EvaluatIon of Natural Period of Base-Isolated Bridge
4.2.4 EVl:lluation of Sectional Force and OlspIacement due to Inertia

FOl'ce
4.3 Check of Bearing Capacity for Lateral Force

4.3.1 General
4.3.2 Seismic Coefficient used to Check Bearing Capacity for Lateral

Force
4.3.3 Evaluation of Natural Period
4.3.4 Evaluation of Damping Ratio
4.3.5 EVdluation of Sectional Force and Displacement due to Inertia

force
4.3.6 Equivalent Seismic Coefficient Used to Check Bearing Capacity

for Lateral Force
4.3.7 Bearing CapacIty for Lateral Force

Chapter 5 Dynamic Rer:;ponse Analysis
5.1 Method of Dynamic Response Analysis
5.2 Modelling of Base-Isolated Bridges by Dynamic Response Analysis
5.3 Input Motion for Dynamic Response Analysis

5.3.1 Input Motion to Check Design by Means of Static Lateral Force
Method

5.3.2 Inpu t Motion to Check Bearing Capacity for Lateral Force
5.4 Investigation of Safety

Chapter 6 General ProvIsions for Design of Structural Details
6.1 General
6.2 Distance between Structures
6.3 DesIgn Gap of Expansion Joint
6.4 De·...ces for Preventing Falling-off of Superstructure fro. Sub

structure
6.5 General Provisions for Design Details of Base Isolation DevIces
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AppendIx
I Design of Base-Isolated HIghway Bridges
II Design Method of Base Isolation Devices
m Example of Design Calculation of a Base-Isolated Highway Bridge

Constructed on Group I Ground Condition Site
IV Example of Design Calculation of a Base-Isolated Highway Bridge

Constructed on Group II Ground ConditIon Site
V Example of Structural Details
\1 Example of Various Base-Isolation Devices

Joint Research between PWRI and 28 Private Flrlls for Developing Rase
Isolation Systems for IIigbway Bridges

Bnscd on the study presented above, a joint research program between
PWRI and 28 private firms on "Development of Base-Isolation Systems for
Highway Bridges" was Initiated In 1981.1 for aIming to develop further
practical design methods for base-Isolated llighway bridges which are hoth
safe and cost efficient 1 ". The research Is schedUled to be completed i'1 1992.

Scopes of the joint research contain the following researcil and
development program~ :

I) Development of Isolators and energy dlsslpators suitable for highway
bridges by using new materials and technology

2) Development of ex~anslon Joints and falling-off prevention devlce~,

suitable for base-Isolated brIdges
3) I)eve lopment of design methods for base-Isolated bridges
4) App llcation of base-IsolatIon for highway bridges

In the project 1), It Is aimed to develop less expensIve Isolators and
energy dlsslpators which have better characteristics and are superior for
long-term use. In the project 4), applicatIon of the base Isolation for
super-long multiple-continuous highway bridges with a total length over I
km and for the seismic retrofItting of vulnerable existing highway bridges
are being Investigated.

The 28 private firms consist of materIal makers such as rubber and
automobile tire makers, bearing supports fabrIcators, consulting
engineering firms, steel superstructure fabrIcating companIes, and general
constructors.

Table-12 shows the research subjects bnd contributions. Photos 10 and 11
show dynamic loadIng tests of Isolators and shaking table tests of a
base-isolated highway bridges model conducted at the PublIc Works Research
Institute for studying effectlv(mess of the base Isolation.
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Table 12 Research The.c and Organizations of JoInt Research between the
Public Works Research Institute and 28 Private Jo'lra... for
Developing Rase Isolation Syslc.s of IIIghway Bridges

ReIrMtl Theme P KA Si 011 KL Tn Ii Ni Su M G 0. on I :'Ok Ko NI O! Y To 81 BbSr Sh Pc J N Olict Sub·
Chi.f

I . Development of Device for Isolation

\.I Hiah Enera)' Absorbinl Rubber Bcarinll 0 0 o 0 0

1.2 Friction Damper °l I 0 0

1.3 Steel Damper °
O!

10
01 Bs

1.4 Link Barina Develop of I
J.S Vis<:ous Damper 0
1.6 Test Method 0 0 0 0

@
0 0 0 0 0 0

I i2. Development of Eltpansion Joint and Falling-off
Preyention Deyice for Isolated Bridle

I
Tc -

2.1 EltpUllion Joint 0 0
2.2 Fallinlooff Prevention Deyice 0

I 0 0I

3. Development of Desian Methocl for Isolated
I

i

Bridae
I

3.1 Dcsian Philosoph)' glo ° 0 0
01

0 @ ° 0 0 C

3.2 Dynlll'lic Responce Analysis Method 0 0 @ 0 0 I I Ka Pc

3.3 Desian Method of Device for Isolation 0 0 0 I@ 0 ° 1° ° ° 0 0 0 0 0
3.4 Simplified Dcsian Method 0 0 (5) 0 0 o 0
3.S Dcsian Method of Eltpansion Joint and Fall· 0 0 0 0 0 @

ina.off Preyention Deyice

-+
... Applic;ation of Base Isolation to Bridle

10
1
0

I I
4.1 Applic;alion to Preltreased Concrete Bridle 0 @I 0 0

4.2 Application to Steel Bridae 0 0 0 0

01 I

@ Ob 1

4.3 Application to Multiple Super·lona Bridle 0

I
@ 0 0 0 0 0

4.4 Application to Seismic Retrofit 0 0 0 @

P: I'Iablic Worlll R._rcIl InltilUte. KA: Kajima. Si: ShimiDl, 011: Oht-yuhi. Ku: Kuma,"i. Tn: Takenaka Doboku + Takenakl. H: Hazuna. Ni: Nilhimauu. Su: SumilOlllo. 114: Mitsui, G:
~, Ok: Oklllllura, Ti: TailCi + Tokyo Fablic + Nippon Ouzo, I: hlUkawaJima Hlruna. NIt: NKK + S.ppon ChUIoO. Ko: KoJbe Sleel . NI: NIppon Selko. Oe: 011... Y: Yokollama Rullber.
To: TO)'O Rubber. BI: Bricla'_. Bb: BBM, Se: Seibu Polymer. Sh: Showa Densen. Pc: PaCIfic Conlultants. J: Japan En.,neerinl Conlultant. N: Ne.. Stnu:tu..1 Enlineerin. CCIllIul.-..



Photo 10 Dynamic Loading Tests of Isolators and I':nergy Dlsslpators

Photo II

..
- 'H

Construction of Basc-Isolatc.-t lII~hway Bridges

Sevpn base-isolated highway brldg-es as shown In Table-13 are currently
being constrll~ted by or with the support of the "'1inlstry of Construction for
the purpose of incorporating base Isolation In practical usc. After
completion of the construction, a series of experiments including push-pull
tests, forced excitation tests with use of eccentric-mass shakers and strong
motion observations are scheduled for studying the dynamic characteristics
of the bridges.

f'lg.lI shows the !'agakl-gawa BrIdge' ". which Is now under construction
by the "'1inlstry of Construction.

'J . .'
".)



Table 13 Construction Project of Base-Isolated Ulghway Bridges

Owner Bndge Name Type eX S~· Length (m)
suueturc

Holliido Developing Bureau OnnelOh Bridge Steel Girder 456

Tohotu·RegionaJ Bureau. MOC NagaJti·gawa Bridge " 97

Kantoh·Regional Bureau. MOC Not Yet Selected Not Yet OQ;idcd Not yet Determined

Chubu·Regionai Bureau, MOC' " " "
Iwate·ken Marul(l Bridge Prestressed Concrete 92

..-
Tochlgi·ken Karasuyama Bridge " 250

Shiluoka·ken Mlyagawa Bridge Steel Girder 110

I

: >:1
I

:..~.;
....~:

; j
/~ <"

)

L.~

Fig. II General View of Nagakl-gawa Bridge

Hybrid Control of Structural Response

A combination of active and passive control, which is designated here as
hybrid control, seems attractive for reducing energy supply for active
control. Decrease of structural response by means of passive control will
make the energy supply requirement for active contrC'lI small enough to
achieve the control of structural response within a satisfactory level
during significant earthquakes. Increase of lateral displacement of decks
Induced by the passive control may be Improved by the active control.

A 5-year research program on hybrid control of seismic response was
Initiated Inl990 at the Public Works Research Instltute I7

'. The objectives of
this research program are to study applications of hybrid control for



bridge structu res such as

1) Control of super long-span continuous bridges
2) Control of bridges on relatively soft ground
3) Improvement of seismic performance of bridges on the important urban

routes

As part of this research, the following Items arc considered for study:

1) Development of passive control elements suitable for hybrid
control systems

. Development of variable dampers

. Development of damper with fall-safe functions
2) Development of active control systems suitable for hybrid control
3) Development of optimal hybrid control systems by combining 1) and 2)

Among these developments, the variable damper is quite a unique device
in which the viscous coefficient Is varied depending on structural response
displacement and velocity so that the best energy dissipation can be made.
The viscous coefficient Is also controlled to Increase smoothly after the
structural response displacement becomes excessively large so that the
variable damper acts as a stopper.

This research program Is to be executed as a U.S.-Japan cooperative
research program through the Panel on Wind and Seismic Effects of UJNR.

SEISI'tIC INSPECTION AND SEISMIC STRENCTIIENINC

Outline

The nationwide seismic Inspection and seismic strengthening of highway
brIdges were made In 1971. 1976, 1979, 1986 by the Ministry of ConstructIon.
The first and second seismIc Inspection of 1971 and 1976 were to Inspect
deteriorated highway brIdges susceptible to falling-off of superstructure
during earthquakes. The thl rd and fourth seismic Inspection of 1979 and 1986
was to classify structu ral resistance of highway bridges against falling-off
of superstructures during destructIve earthquakes. For those bridges which
were Judged vulnerable to severe damages durIng earthquakes, seismic
strengthening works have been made. In the 1986 Inspection. about 40.000
brIdges were Inspected and 11.700 bridges were found to require seismic
strengthening. Most of them require Installation of the device for
preventing superstructure falling-off from the substructures.

5elsll1c Inspection or Vulnerability or Hlgbway Bridges

Seismic Inspection methods to d(,tect highway bridges vulnerable to
earthquakes have been developed and amended several times to reflect
progress of brIdge earthquake engIneering and lessons gained from the past
seIsmic damage. The 1I0st Important requIrement for the Inspection method was
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to be able to assess the vulnerability of a numb~r of highway bridges at the
site without complex calculations. The latest seismic inspection method Ijl

which was referenced in the 1986 seismic Inspection was formulated on the
statistical analyses of 105 bridges damaged in the past earthquakes"':" .

In the statistical analyses, factors which are likely to affect the seismic
vulnerability of highway bridges were firstly studied with use of the Type II
quantification analysis. The rank of damage degree was classified Into high
vulnerability (Rank A). moderate vulnerability (J~ank 8) and low
vulnerahllity (Rank C) as shown In Table 14. From the analysis of the past
seismic damage, IS Items. as shown In Table 15, were selected as the factors
likelY to affect seismic vulnerability. The 15 items consists of four
principal factors. I.e., Intensity of earthquake ground motions, properties
of superstructure and substructures. devices for preventing falling-off of
superstructure from substructures, and ground condition. Each item was
furthcr divided into several categories.

Table 14 Definition of Seismic Vulnerability

~ar'~

Hdn~ A- t-.:'gr
\'uine'JDtilt,

Rar. g.- Mod€'dle
Vljlr~p" libl ilty'

RrlrH( C ['j'"

VJ:r'(-'abldt~

PO~;/)It)lllly 10! ~u',(;rlr.g dam~qf'

or damage ~tg·tt ,'} high

POSSlt"lllily 10' sJfterlng (lamdQe

o~ di-!fl1.:1:qP ~f:gfH 1\ mDrl~'dle

pO"l.-"rHllty 'I]' su!fe'lng camage
O' Gdf'ldge at'~ft'~ IS ION

Ran, 01 DaOlage Degree 10 Ta~le I

~ f-a;lIrlg·ufl 01 Supt"')lrJctJrt 0'

. 4 bienSlVe oarnaqe

JJ Mode~a:e Jdrnage

7 Sllghi Odrnage or
1 Minor DarT,age or
o No Da"'.qp

Predicted damage rank Yo was assumed to have a form of

y, '" ~ ~ a,il"X,,,,

'"
(22)

In which x \. represents a weighting factor for the k-th category of the J-th
Item, and 0 ii I' represents a variable corresponding to the category k In the
Item J of the I-th bridge. The variable 6 ii '" was so defined that It takes a
value of I If the characteristics of the i-th bridge correspond to the
category k in the item J, and is 0 otherwise. The weighting factor x; '" was
determined so as to minimIze the sum of square of the difference between the
predicted damage rank and the actual damage rank.

From the weighting factors presented In Table 15, the effects of each
Item were found as shown In Table 16. The following considerations were
subsequently Included In the statistical analysl" to formulate an Inspection
method.

a) Because the objectives of the Inspection method are to assess the
seismic VUlnerability of highway bridges subjected to ground shaking of JMA
Intensity V or larger ( peak ground acceleration larger than 0.25 g), the
Intensity of Peak Ground Acceleration an,..,., Is dropped from the evaluation
Item assuming that an,e" Is larger than 0.25 g.
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Table 16 Factors Which Affect Sclsalc VuloerablIlty of Highway Bridges

10 Du',"S;~,;:,---- -----; ,~ ..".'~ '" __::':::':;:':'" ,,,,,'u,;;;;;''''
I higher vulnerabilily
i-·~---·_·_·· --------------- ---i·---~ - -- - ---------- - ------ --~

i CD Ty~e of Su~erstructure i • Gerber or simply supported girders wilh 2 or more s~ans have i
: ' higher vulnerabilily
I ! • Arch. Irame. continuous girders. cable·slayed bridges or

suspension bridges have lower vulnerabilily

CD Shape 01 Superstructure

r- -- - -.- ----
r CD Materisls 01 Superslructure

~ (i) Slope in Bridge Axis
I -
: CD Device for Preventing Falling-off

of Superstructure

o Type 01 Substructure

CD Height of Piers

~~ GroundCondilion

@ EIlect ot Soil liquefaction

Skewed or curved bridges do nol necemrily have higher
vulnerability than straight bridges

Reinlorced concrete bridges Dr prestressed concrete bridges have
lower vulnerability than sleel bridges although the difference is
small

Bridges with slope in bridge axis have higher vulnerabilily

Bridges with devices for preventing lalllng·oll of superstructure have
lower vulnerabilily

Bridges supported by single·lme bent piles or by reinforced concrele
Irame pl~ced on two separate caisson foundations have higher
vulnerability

Bridges supported by higher piers have higher vulnerability

Bridges constructed on soil soil have higher vulnerability

Bridges constructed on sandy soil Ilyers susceptible to liquefaction
have higl,er vulnerability

(i) Irregularily 01 Supporting Soil Condition Bridges constructed on soils with irregularity 01 supporting
conditions have higher vulnerability

@ EIIect of Scouring : Bridges where Ihe surtace soils are scoured have higher
, : vulnenbilily
r--- - - ---. --- --------------;-------- - -------_.--- .- -----~

! @ Maferials 01 Substructures I Bridges supportl!d by planl!·concrele substructurl!s dl!signl!d in
i i ICcordanCl! with '926 or 1939 specifications have higher
I ' vulnenbility
t--------- ---+---- - -.---- --- --~~-- ----------- -------~
i @ Type of Foundalion : Bridges supponed by timber. brick. masonry or O1hl!r old unknown I
L---- __ ._ _ -+~.~u!~rU_~~r~l_ h~~e_highl!r ~~r~b~i~!_ ----.------1
I @ Intensity 01 Ground Motion I Bridges subil!Cled 10 higher intensity 01 ground accl!lmtion have
'I ! higher vulnerability. In particular, vulnerability becomes Quile high

L _ :~:n~;~~~;rl~b.:~d~~:ak_~OUnd ~~~~e~:~:ger~

b) Evaluation of the strength of reinforced concrete piers at the
mid-height where main reinforcement Is terminated was Introduced.

c) Because collapse. such as falling-off of superstructure. generally
occurred because of excessive relative movements between the
superstructure and the substructures, and failure of substructures due to
Inadequate strength. the evaluation of the seismic vulnerability for both
the relative movement and for the strength of substructures should be made.

d) Even If there are some unsatisfactory conditions In the evaluation.
final evaluatlon may not consider them to be critical If the remaining
factors are In good evaluation. Consequently. It was declded that those
bridges with at least one "critical" or "safe" condition are to be considered
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to have either high or low seismic vulnerability. Below are some examples of
evaluation of such specIfic types of structure:

Those designed In accordance with the 1980 Specifications shall be
classified Into Rank C (safe) unless appreciable deterIoration is
detected

. Those constructed by timber. brick. masonry. or old unknown materials
shall be classified Into Rank A (vulnerable) .

. Those supported by single-l inc bent pi les foundation wh ich are
constructed on loose alluvial sandy layer vu lnerable to liquefaction
or very loose clayey deposits shall be classified into Rank A
(vu lncrable).

Single-span simply supported girder bridges with the span length less
than 15 m shall be classified into r~ank C (safe).

The procedure of seismic inspection and an Inspection sheet arc shown in
Fig. 12 and Table 17, respectively' ", 2~". The evaluation of the seismic
vulnerability is made in accordance wItt. the points which reflect the
vul ncrahi I ity to excessIve relative movement between superstructure and
substructures (point X), and the strength of substructures (poInt Y) as
shown in Table 18.

Table 18 Evaluation of Sels.lc Vulnerability

p. = 1 0 P';f'10

A vulne'Jb!e X? flO y ~ 10 Y~ 100

B MoOe r ale ?O:, X. to ~ ~ y ....-'O ~O ~ y" 100

C·~Sale x<' "0 y"S y <: SO

',ate OuT I}' tw·: '.lni..~ (,t..:,~Ir,E'[; I'o'n X pOlr,! (Ira (;:J()Hll :'1'ghf!' 'olin. ,A

I~ !t'1e ;;lg~t>~1, ') ... ~u C tie Idlotn liS tt,e Iinal rJr:~lnl; Of It-f b',Cgt

InspecleC f fl' oNa.rllf'1Q noi villton pom'~ t. rM V rele' ~D Tatllt 2

Scisaic strengthening of HIghway Bridges Vulnerable to F..artbquakcs

Table 19 shows the feaslbi Illy of seismic strengthening agaInst the 16
factors whIch would affect the seIsmic vulnerabIlIty of highway bridges
(refer to Table 16). Among the 16 factors. <ID DevIces for Preventing
Falling-off of the Superstructure. (1)Type of Substructure. @lEffect of Soil
Liquefaction. @Effect of ScourIng, @Materials of Substructures. @Types of
Foundation. and ~Effect of TermInation of MaIn ReInforcement at Mid-height
are the factors for which countermeasures for strengthening th~ bridge are
feasIble. Countermeasures agaInst for the remainIng 9 factors can not be
made unless the whole bridge be replaced.

Fig. 13 shows how the countermeasures can be made for the above
described 7 factors. Installation of devIces for preventing falling-off of
superstructure. strengthenIng of foundatIons, and strengthening of piers
and abutments are the maIn measures of seIsmic strengthenIng.
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best available copy

Table 17 Inspection Sheet for Sels.lc Vulnerability of D1ghway Bridges
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Fig. 13 Selection of SeISlllc Strencthenlng Measures for Highway Bridges
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i
-----j

Principia al CIUlItermulures I

-----_.~

Inltallation 01 Deviceso® Device lor Preventing Falling-olf
of Superstructure

Table 19 Feasibility of Selsalc Strengthening for 16 Factors Which Affect
Selsalc Vulnerability of Highway Bridges

.-.~_.~-_.._-~--------~--,-

I FUlibility 01 I
, 'teml I seismic Strengthening :
, -_.~---._-----+ .

, I
CD Design Specilicllions . x , I

._-- --- - ~'-----r- -'--~--~~~--~~-------j,

, (1) Type 01 Superstructure ! x
~--.- --- ..-- -- - ----.-----.--~-------------____1
! CD Shape of Superstructure 1 X ;
L.---- __ n __ ---. i -+-i~~-
~ @ ~Iterials_o~~~.ntructure __ _ _ +- __~ -+ -.~~-
, CD Slope in Bridge Axis : x I ---

~------------. .. ---t-------- -~----------.
I

I

o Type 01 Substructure

® Height 01 Piers

-1"--- ----------~-----------.-.---.-------_.- ---........

, 0 Strengthening of Substrudures I

- 'f- -~_.,-----~-----------------_._------~~---1

x

(!) Ground Condilion x
- -------+---------

, @ Elfecl 01 ~il Liquefaction o Strengthening of Fundationl or
Slrpnglhening of Surrounding Soils

@ Irregularity 01 SuptlOr1ing Soil Condition x

. 0:: Ettecl 01 Scouring o Trealment lor Prevention 01 Scouring. or
Strengillening of Foundations

@ Materials 01 Substructures o Strengthening 01 Substructures

-----------1

Strengthening 01 Substructures

~~~~~~----'-----

o Strengthening 01 Founddians
..._---------- -----------+~--------_._--------<

I

o

X
-----1------

@ Type 01 Foundalion

@ Intensity of Ground Motion
r------------------ -------

: @ Etteet ot Termination 01 Main
Reinforcemenl II Mid-height

Nole 0 Items lor which seismic strengthening II fusible
)( Items tor whlcll seismic strengtllenlng il nat Isnlbls

Flcs. 14. 15 and 16 show the methods for selecting the Installation of the
stoppers at movable supports. falling-off prevention devices. and
elongation of seat length SE and bearing seat length S as measures of
seismic strengthening for exIsting bridges. The methods are based on a
number of practices In the past l~) 20, •

Flcs. 17 and 18 show measures for strengthening foundatIons and
strengthening substructures for existing brIdges. respectively.

Photos 12 and 13 show dynamic loading tests of reinforced concrete
piers which have the ter.lnatlon of .aln reinforcement at mid-height.
Effectiveness of steel jacket Is studied.

The seismic Inspection and strengthening methods of transpotlon
facllities Including highway bridges were compiled and published frOID the
Japan Road Association In the for. of the "Guide Specifications for
Earthquake Hazard MItigation for Transportation Facilities - Pre-Earthquake
Countermeasures -" In 198721

).
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Photo 12 Loading Tests of Reinforced Concrete Pier with Ter.lnatIon of Malo
Reinforcement at Mid-height ( Square Section)
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Photo 13 Loading Tests of Reinforced Concrete Pier with Ter.inatlon of MaIn
Reinforce.ent at Mid-height ( Circular Section)

REPAIR OF TRANSPORTATION FACILITIES DAMAGED BY EARTIlQUAKES

Outllne

The recent advancement In earthquake engineering has enabled
transportation facilities and structures to be safely designed and
constructed. Catastrophic disasters due to the entire collapse of
structures have decreased. and accordingly the number of human fatalities
has become appreciably smaller during recent large earthquakes. It Is
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considered. however, that partial failures may still take place In future
large earthquakes, as observed In recent ones. In view of such facts,
post-earthquake measures are still of significant concern.

A comprehensive 5 year research project entitled "Development of
Repair Methods for Structures Damaged by Earthquakes," was made by the
MInistry of Construction between 1981 and 1986. The project i~ to develop
post earthquake measures by providing procedures of Inspection, assessment
of damage extent, repair methods, and overall evaluation for reparlng
seismically damaged structures. In executing the project. the Technological
Research Center for National Land Development established the Committee for
Development of Repair Methods for Civil Engineering Structures Damaged by
Earthquakes. which was chaired by Dr. Shunzo Okamoto, Professor Emeritus of
the University of Tokyo. Final accomplishment of the project was compiled
In 19RG In the form of " Manual for Repal r Methods for Civil Engineering
Structures Damaged by EarthqLo lkes"~':='. The essence of the ~anual in the
area of the repair and restoration method for transportation facilities was
latc,r reorganized and published from the Japan Road Association in the form
of "Gu ide Specifications for Earthquake Hazard ~ltigatlon for Transportation
Fad lilies - Pre-Earthquake Countermeasures _" .'4'.

This chapter outlines the Manual for the assessment of damage extent and
repair method of seismically damaged tran:;portatlon facilities with placing
emphilsis on h Ighway bridges from the r1anuaI.

now of Repair and Restoration

Repal r and restoration of seismically damaged transportation faclll ties
must be correctly and Immediately conducted because it significantly affects
restoration activities of the public and stabilizatIon of national life.
Repair and restoration Is made In accordance wIth the disaster
countermeasures plans by correctly understandIng the whole damage, and by
consu It1ng and exchanging information with related organIzations and
authorItIes. Procedure of repair and restoration after the occurrence of an
earthquake can be classified into three stages as shown In FIg. 19. The
fundamental alms of the three stages are the following:

0) First Stage of RepaIr and RestoratIon
To Inspect an outline of damage wIth emphasIs on damage of critical and

Important facilities as early as possIble, and to decide the strategy for
repair and restoration. When large secondary dIsasters are likely to happen.
It Is necessary to conduct appropriate urgent treatments.

(2) Second Stage of Repair and Restoration
To Inspect the damage of all facilities and structures. and to Judge the

necessity of temporary repair and restoration with consideration of possible
large secondary disasters. urgency for restoration, types and Importance of
the facilities, and the time required for InitiatIon of permanent restoration.
When temporary repaIr and restoration are required. It Is necessary to
promptly repair, by considering priorIty and restoration level.
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(3) ThIrd Stage of RepaIr and RestoratIon
To determIne the level requIred for permanent repair and restoration

based on the considerations of Importance, location of the damage, damage
degree, difficultIes of repair and restoration. and future construction
plans, and to conduct permanent repaIr and restoration by takIng future
development plans and restoration plans Into account.

Urgent Inspection and Urgent Treat.ent of IIIghway BrIdges (1st Stage)

FIg. 20 shows a procedure of the urgent Inspection and urgent
treatment for transportation facilitIes. It should be noted that maIn
purpose of the urgent InspectIon Is to survey whether the road Is passable.
DetaIled Inspection and repair could not be made at this stage because it
would require consIderable time. Such a detailed inspection would also

Is
possibility to y~s

develop larlle s~condary '>-----------,
disaster high?

No

No

V.,ent Treatment
iI not neceuary

Partial Reatriction

(
Reltriction of Weilht, )
Number of Lane,Speed,
,Car Width

Full Restriction
for Trame:

o Full Re.triction
o Distribute Informa

tion to Public
Showin, Dan,er

o Dealtlnate Danlerou.
Area

FIg. 20 procedure of Urgent Inspection and Urgent Trcatltent
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prevent the formulation of a repaIr plan at the head-quarters. Table 20
shows main check points for the urgent damage Inspection.

Da..age Inspection for Te.porary Repair. and Te.porary Repair Method for
Highway Bridges (2nd Stage)

Table 21 shows types of damage developed In highway bridges. Among
the various types of damage. failure of piers, failure of seat concrete
(concrete supporting bearings) and rupture of main structural members of
superstructure are regarded as critical damages which arc liable to cause
falling off of superstructure. Therefore, damage Inspection at the urgent
inspection stage Is to be made for these three types of damage first.

The degree of damage at the 2nd stage Is required to be decided based
on bearing capacity (load capacity) of the hrldge structure and road
surface condition. Because suspension of traffic on highway bridges would
critically affects essential post-earthquake transportation. It if required
to judge whether damaged bridges can be used even for short period for
emergency transportation.

I) Damage degree depending on bearing capacity
A : No Damage - No special damage Is detected
B : Slight Damage - Damaged, but not considerable for short term

service
C : :"1edium Damage - Considerable damage. but may be used

for short-term service unless progress of
damage due to aftershocks and live load is not
developed.

D : Critical Damage - Possible falling-off of superstructure has to
be taken In mind

E : Failing-off - Falling-off of superstructure

Fig. 21 shows examples of how the damage degree Is Judged for
reinforced concrete piers suffering cracks. spailing-off of concrete and
ruptl re of main reinforcement In a form of flexure failure at the hase. Fig.
22 show,> the same example for the degree of damage at the bearing supports.
It Is suggested that Inspectors should judge the damage degree by comparing
the actual damage with Figs. 21 and 22. Similar tables are prepared for
various types of damage Including shear faIlure of reinforced concrete
piers and for the failure of superstructures.

II) Damage degree depending on road surface condition
a : No Damage - No special damage Is detected
b : Passable with Care - Damaged. but can be opened for short

term traffic If sufficient care is paid
c : Unpassable - Badly damaged. and has to be closed

Fig. 23 represents a procedure for deciding whether highway bridges be
closed or opened with care.
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Table 20 Check Points tor Urgent Inspection

Facilities Check Point

Flat Road Large Sub~idence of Road Surface

Road Low - High Large Subsidence of Road Surface, Large
Embankment Subsidence and Failure of Embankment

Natural and Cut Huge Failure of Slope, Large Fallen Stene
Slope on Road, Large Failure of Road

General Fall-off of Bridge

Slipping off and Gap of Hand Rail

Road Itself
Bridge From the Surface Sudden Change of Leveling

Large Opening, Upheaval and Gap at
Expansion Joint

Superstructure Sudden Change of Deformation and Leveling
Side
View

Large Subsidence, Tilting, Large Cracks andSubstructure
Spalling-off of Concrete

Tunnel Large Slope Failure near Tunnel, Large
Spalling-off of Covering Concrete

Common Duct Uplift to Ground Surface, Critical Damage
of Storing Facilities

Culvert and Underground Large Subsidence on Road Surface
Pedestrian Pass

Pedestrian Bridge Falling-off, Critical Failure of Pier

Way-side Facilities Collapse of Building on Road
Secondary Disaster caused by Damage of
Road Facilities

Other Exclusive Use Facilities Influence of Damage of Exclusive Use
Facilities on Road

Others Critical lnnaduation, Tsunami, Fire, etc.
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Table 21 Daaage Types of Bridges

{

Pile Foundation 1
Foundation

Direct and Caisson Foundation -- 2

Reinforced
Pier ---,-- Concrete --t--

Pier

Failure of Pile Top, Residual
Displacement
Residual Displacement

3 (At Haltom at' Pier) Crack and
Spalling-off of Concrel.e, Buckling
and Cut of Reinforcing Bar, Tilting
of Pier

4 (At Cut-off Point) Crack and Spalling
off of Concrete, Buckling and Cut of
Reinforcing Bar, Tilting of Pier

5 (At Intermediate Height) Shear Crack
and SpalJing-off of Concrete, Expo
sure of Reinforcing Bar, Tilting of
Pier

6 (At Sudden Change Po&ition of Cross
Section and Construction Joint)
Crack and Spalling-off of Concrete
Buckling and Cut of Reinforcing Bar,
Tilting of Pier
(Flame Structure) Crack and Spalling
off of Concrete, Buckling and Cut of
Reinforcing Bar
Local Buckling, Cracks, Uneven Out
plan£' Residual Deformation, Tilting
of Pier
Crack and Spalling-off of Concrete,
Buckling and Cut of Reinforcing Bar,
Tilting and Subsidence
Crack and Failure around Support
Residual Deformation and Failure of
Members around Support
Deformation and Failures of Support
and Sole Plate
Deformation and Failure of Stopper
(Stopper of Upper Support, Side
Block of Lower Support)
Pulling-out, Blending and Cut of Anchor
Bolt
Looseness and Cut of Set Bolt (Pin and
Roller Support)
Pulling-out of Pin Cap, Cut of Cap (Pin
and RoUer Support)
Pulling-out of Roller and Rocker
(Roller and Rocker Support)
Deformation and Failure of Up Lift
Stopper for Preventing Up-lift
Crack and Failure of Mortar under
Support
Crack and Failure of Seat Concrete
Falling-off of Joint Filler
Failure of Face Plate
Cut of Joint Rubber
Failure of Anchor Concrete
Opening and Contact of Joint
Gap
Failure of Hand-rail, Damper etc

7

Steel BPier

9

10
11

12

13

14

15

16

17

IB

19

20
21
22
23
24
25
26
27
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Daaage Inspection for Per.anent Repair. and PerllaDent Repair Method of
Highway Bridges (3rd Slage)

For permanent repair. the degree of damage has to be decided from a
different Inspection than that used by the temporary repair. Inspection of
repair needs Is required for long term use In the 3rd stage. upgrading may
be required for those bridges which suffered critical damage. The damaged
degrc~ Is determined as

A : :-;0 Damage

B : Slight Damage

C : :'>1cdiu.n Damage
D : Critical Damage

- ~o d:lmage or minor damage which does
not affect function for long-term service.

- Damage which does not affect the bearing
capaci ty

- Damage which affects the bearing capacity
- Damage which signIficantlY affects the bearing

capacl ty

TIme required. cost, workabillty, avaIlabIlity of constructIon materIals
a~rl visual appearance of repairing works have to be considered. Table 22
represents one of examples of a permanent repair method for reinforced
concr~te pIers which suffered flexure failure at the base.

Df:ve"LOPMENT OF INFORMATION GATlIERING AND PROCESSING SYSTEMS
FOR SEISMIC DAMAGE MITIGATION

After a destructive earthquake. It is of sIgnificant Importance to Imme
dIately gather correct Information on the extent of damage In the area
affected by the earthquake. Road transportation Is expected to be
Interrupted In a very large earthquake. particularly In urban areas such as
Tokyo. as a result of damage Qf not only transportation facilities but of
falling-off of building att.l.ichments along the road. Confusion of people and
automobiles left on road would also cause consldNable disruption to the
transportation. It Is requIred therefore to develop new information
gathering and processing systems whIch wlll enable the extent of damage to

be recognized immediately after the earthquake for formulating a repair and
restoration strategy.

A comprehensive 5 year reset.rch progre.m entitled " Development of
Information GatherIng and Proces31ng Systems for Disaster Mitigation" was
Initiated in 1988 by the Ministry of Construction. The objectives of this
research project were to devel'.>p new Information correction and processing
systems. using advanced new technology. for various disasters such as
earthquakes. flood<" and debris flows. Key Items of the research development
are (refer to Fig. 24) ;

a) Blrd's eye Information correction systems from helicopters.
b) On-line Information processing systems. and
c) Real-time dIgital mapping systems.
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Table 22 Peraanent Repair of Reinforced Concrete BrIdge Piers with Flexural
Failure at Botto.

Level of Damage Design by Ductility Analysis

Dama(le Patter Presented Repair and Restoration Method
Design for Normal

Load Yield Stage UltImate Stage
in Fil. 4·2

Before Yield
Injection of Epoxy Regin Normal Normal Normal

of Reinforcing Before Stale 1 Covering by Reinforced Concrew Hybrid Hybnd Hybrid
Bar Covering by Steel Plate Hybrid Hybrid Hybrid

Injection of Epoxy Regin
2}3 Es for Reinforcing 2/3 Es for Reinforcing Normal
Bar Bar

After Yield but
Stage 2 and 3 Covering by Reinforced Concrete

Ignore Original 1/3 Es for Original H)'brid
Before Ultimate Section Reinforcing Bar

Covering by Steel Plate
Ignore Original 1/3 Es for Original Hybrid
Section Reinforcing Bar

After Ultimate St.qe 4.5 and 6 Covering by Reinforced Concrete
Ignore Original Ignore Original Hybrid
Section SectIOn

Note 1) Normal: Usual design procedure in accordance with Design Specifications of Highway Bridge.

2) Hybrid: 0riIinaI damqed section can be treated to work for load with new section.
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Fig. 24 Inforllatlon Gathering and Processing SystellS

For this purpose, measuring technology of the degree of seismic damage
of structures, usIng heIIcopter pIcture Information and new medIa high-grade
dIsaster predIction methods as well as planning systems for repair and
restoratIon in the damaged area are under development. To avoId dIstortion
of information during transferrIng InformatIon from the regIonal office to
headquarters, It Is aimed to develop visual motion picture systems.

In executing the project, the TechnologIcal Research Center for NatIonal
Land Development establ1shed the CommIttee for the Development of DIsaster
Information Systems, whIch Is chaIred by Dr. H. Umemura, Professor EmerItus
of the UnIversIty of Tokyo. FInal accomplishments of the project are to be
compIled In 1992 In the form of guldelliles.

CONCLUDING RBtARKS

The precedIng pages presented the present earthquake engineerIng
efforts to mitIgate earthquake hazards of road transportation facIlIties In
Japan. Japan has been experIencIng many destructive earthquakes In the past
and It Is critIcallY Important that the functions for rescue, evacuatIon,
repaIr and restoration be able to be carrIed out. Replacement and strength
enIng of exIsting hIghway bridges Is extremely dIfficult In urban areas.
TranC'~ortatlon facIlitIes, In partiCUlar Important ones such as hIghway
brIdges. have to be provIded with a very hIgh level of seIsmIc safety.

The level of seIsmIc safety requIred for transportatIon facIlities has
been IncreasIng In recent years as a result of past experIences where
confusIon caused by the Interruption was consIderable In urban area.
Indirect damage caused by the Interruption of urban transportation was much
larger than the dIrect damage. It Is therefore requIred to develop new
seIsmic desIgn and countermeasure concepts whIch enable structures wIth
hIgher and wIth varIous levels of seIsmIc safety to be construct(>d.
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Bridge Substructures and Design Methods
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SUMMARY

This paper presents general status of adopted bridge substructures,
main tenance and reinforcement of damaged brIdges and design concept of
substructures based on the latest standard. TechnIcal standards whIch have
been used In Japan and theIr hIstory are also Introduced for the design and
constructIon of newly-established bridge and maintenance for exIsting
brIdges.

INTRODUCTION

The highways In Japan have been steadIly Improved under the FIve-Year
Road Improvement Programs, enacted by the IIlnlstry of construction, which
have reached the tenth. The stock of hIghway bridges with bridge length of
over 15 m have piled up to more than 110 thousand. In order to maintaIn
quantIty and function of these substructures and make them last as long as
possIble, several Inspection's methods, maIntenance and reInforcement
measures have been adopted by technical standards. And then to desIgn and
construct many new bridges under the above 5-year plan, several technIcal
standards have been revised.

Study results on over all status of brIdge substructures, recently
developped measures for maIntenance and reInforcement of damaged
substructures and design fundamentals based on the latest specifications
are mainly saId In thIs paper.

TRANSITION OF BRIDGE SUBSTRUCTURE

I TransItIon of the forms, construction method and prescnt sItuation of
maintenance of brIdge substructures

1-1 TransItion of the forms and construction methods of brIdle substructures

FoundatIons, whIch are parts of bridge substructures, constructed In
fiscal 1966, 1976 an 1985 were maInly Investigated concernIng theIr scale,
type, constructIon method, etc. throughout the country In each fiscal year.
The transition of the forms and construction Ilethods of foundations are

(I) Head, FoundatIon EngineerIng DivisIon, P.W.R.I., M.O.C.
(II) Senior Research Engineer. dItto

(III) Senior Offlcer for Technical Standards and Cost Estimation. Engineering
Affairs Management Section. Minister's Secretariat. M.O.C.
(former Research Engineer. Foundation Engineering Division. P. W. R. I.)
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presented here using there data.
fojg. I.] shows the transition for actual usage of each foundation type

from the number of foundations constructed In each fiscal year. Though
caisson foundation accounted for about one fourth of the whole In fiscal
]!)66, It decreased to few percent after fiscal 1975. On the contrary, pile
foundation usage gradually Increased, and It accounted for about a half of
the whole In fiscal 1985. Spread foundation also has high actual usage and Is
typical foundation type in Japan together with pile foundation.

FIgs. 1.2 and 1.3 show the Investigation results concerning the actual
usage of pi Ie construction methods. With regard to environmental problems
from pile setting, the cast In place pIle or auger pile (with low vIbration
and low noise) is used increasingly. while use of the driving pile is
decreasing. Because of increasing road bridge constructIon In mountainous
areas where It Is difficult to carry machines and other Instruments. the
necessity for the cast In place pIle construction method with man power
digging also seems likely to Increase In the future.

As there are steel pipe piles, PC piles. PIIC piles and RC pIles among the
types of existing piles used for the driVing or auger pile construction
method, the percentage of steel pIpe plIes amounts to about 80 , of existing
piles after fiscal 1977 and. on the contrary. the usage of the RC pile Is
almost zero.

The number of bridges of each foundation type is Indicated In Table 1.1.
where all the establIshed brIdge In Jl\pan are classIfied paying attentIon to
the foundation type which supports the maximum part of the effective span.
The direct foundation and the pile foundation account for about 70 , and 25
, of all the bridges. respectIvely, and they amount to over 90 , of the
whole.

1-2 Present situation of bridge substructure maIntenance

The maintenance of road bridge Is conducted by each road admInistrator
for each road category (national expressways, national highways,
prefectural road and municipal roads). So the maintenance of bridge
substructures is also conducted In accordance with the various maintenance
levels applIcable to each road admInIstrator.

lIere the present situation of maintenance Is mentioned from the point of
view of inspection and repaIr and reinforcement methods for brIdge
substructures. The followIng data Is the result of questionnaIre
Investigation by the Public Works Research Institute. objective road bridge
are cases In which abutments. piers of foundations were repaired or
reinforced within five years durIng 1983 to 1987 (most of them are the
responsibility of prefectures and cities by government ordinance).
Responses to the questionnaire brought data on 605 brIdges (the number of
substructures [s 2054).

1-2-1 Acknowledgment of abnormality or damage to bridge substructures and
types of Inspection

The types of Inspection after acknOWledgment of abnormality of damage
are listed In order In Fig. 1.4 among 605 bridges of which substructures were
repal red or reInforced. The number of measured bridges due to seIsmic
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Inspection Is overwhelmIngly hIgh and accounts for 65 , of the total when
the number of measured brIdges due to dIsaster prevention Inspection Is
added to it. This fact shows maIntenance Is steadily conducted under seismic
or dIsaster prevention inspectIon.

On the other hand, the number of measured bridges under other
Inspections of road brIdges accounts for 35 It of the total; the Importance of
daily Inspection activities, such as road patrol, Is pointed out by the fact
that the percentage of ordinary Inspections Is hIgh. The number of brIdges
measured by Inspection during abnormal states Is also the same level as
those by perIodIc Inspection; thIs Indicates the necessity for rapId
Inspection durIng abnormal states.

1-2-2 Damage of abutments and pIers and rcpal r and reinforcement methods

I) Damage of abutments and piers.
The shoe bed Is the most common part for conducting repal rand

reinforcement (Fig. 1.5). The shoe bed Is used as the generic name of reflal r
or reinforcement for the purpose of preventing IJrldge fall by seismic
Inspections, Including the widening of the shoe bed and the establishment of
dev lees for preventing the superstructure from failing. Column (or wall)
follows It, accounting for 20 %, and next Is the cross-beam of the column
head. There are many cases of repair or reinforcement resultIng from cracks.
2) RepaIr and reinforcement methods of abutments and piers

Though It Is dlfflcul t to clearly classIfy the methods of repair and
reinforcement of abutments and piers (concrete materIals In all Investigated
cases), they are classified accordIng to the following points:
a) a case where repaIr has the purpose of repairIng damage of establIshed
substrueturcs and recoverIng theIr orIgInal function,
b) a case where reinforcement Is used In an attempt to Improve the orIginal
function by damage repaIr or to posItIvely Improve the functIon of the
established substructure wIthout damage.

The followIng shows a sum result accordIng to the above mentioned
classification.
(I) Repair methods

In many cases the surface coating method. or InjectIon method Is ,lsed as
the repaIr method when damage caused by a crack Is relatively slight (FIg.
1.6). RepaIr by flexIble waterproof materials is the most common as the
surface coating method, and that by epoxy resin accounts for about 70 It In
the injection method.
(II) Reinforcement methods

Instances of the sectIon Increasing method are the most common as the
reinforcement methods, followed by the steel plate affIxing method and the
addition of structural members (FIg. 1.7).

1-2-;J Damage of foundations and repair and reinforcement methods

I) Damage of foundations
The most frequent cause of damage of foundations Is scourIng, accounting

for about 50 , of the total. DIsplacement, InclinatIon and movement follow
It. Fig. 1.8 also shows Instances for the purpose of Increasing bridge
functions such as for lane wIdening, sidewalk attachment, etc. The spread
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foundation Is the most common foundation requiring countermeasures against
scour and caisson foundation follows It.

The resu I t of Investigation concerning the maximum depth of scour (37
scours) Is shown In Fig. 1. 9. The depth of scour Is measured from the upper
side of footing In the case of foundation with footing and from the upper
side of the top slab In the case of caisson foundation. Most scours over 2m
in depth are In cases of the caisson foundation: some scours over 4m In depth
are Included and may be In fairly dangerous situation. The scour so rapidly
progresses with flooding that It Is necessary to fully examine Inspection
methods or systems against scours.

2) Repaid and reinforcement methods for foundations
There are many Instances where the foot protection method has been

adopted using as repair and reinforcement methods. It can also be well
understood by citing many Instances where damage Is caused by scours.
Footing enlargement, addition of piles, measures by earth anchor and the
underground continuous wall method follow It (Fig. 1.10).

2 Technical standards for bridge substructures

In the technical standards used up to now, there are standards for the
design and construction of neWly-established bridges and those for the
maintenance of established bridges. Moreover, In standards for the design
and construction of newly-established bridges, besides those for stabIlity
checks and design of cross section, there are some standards especially for
the maintenance of substructures, such as countermeasures against salt
damage and alkali-aggregate reaction or matters In need of consideration
from the point of view of river administration.

Fig. 2.1 shows the transItion of technical standards required for bridge
substructures. Guidelines for Design of Substructure of Highway Bridges had
begun to be made for foundation types from the 1960s. The Guidelines were
completed In the late 1970s and were Included In the system of Specifications
for Highway Bridge as Part IV Specifications for Substructures In 1980. Since
then, as the scale of the foundations has Increased In size and their forms
have become more variable with advance In construction techniques, the
arrangement of design guidelines for new foundations types, such as
assembled steel pipe sheet pile foundation and underground continuous wall
foundation, have also been advanced. Hence, new provisions for t.le de!Olgn
and construction of assembled steel pipe sheet pile foundation were Included
In the Specifications for Highway Bridges In 1990. The basic design concept
shown In Part IV Specifications for Substructures Is concerned with the
behavior of foundations and structural members against the design external
forces, such as earthquake Inertia force, etc.• are held In elastic range. The
design Is not considered to suffer damage requiring Inedlate repair or
reinforcement against an estimated external force. In Japan, quite few
brldge foundations are constructed on soft cohesive soil, thus a rteslgn to
deal with long term changes of the ground should be required for abutments.
Flg. 2.2 shows a typical movement of an abutmcnt with lateral flow of the
ground. In some cases, the potentlal of such a movement Is judged and
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measures may be taken beforehand. such as Improvement of the ground,
reduction of the weight of the embankment, etc. As the bridge substructure
Is a large section, In many cases with a low reinforcing steel bar, and Is
easily Influenced by temperature changes or drying contraction, a detailed
arrangement of the bars Is also shown for preventing cracks caused by
them.

Moreover. consideration must be taken to prevent scouring cau:>ed by
floods near piers or abutments and not to have negative Influence upon
river administration facillties llke the bank. etc. Requirements for the river
control points, like the establlshment of river-protection works near an
abutment. etc. arc regulated In Cabinet Order concerning Structural
Standards for River Administration Facilities, etc.

In the 19805, the Guideline for Countermeasures against Salt Damage to
Road Bridges (draft) were made for the purpose of Improving durability of
concrete materials. It gives guidelines for the covering of reinforcing steel
bars of road bridges constructed In coastal areas, the water cement ratio,
etc., and separately gives notice of regulations for the total amount of
chloride In concrete. In addition to them, because It has begun to be noticed
that the concrete materIal Is damaged by alkalI-aggregate reaction mainly on
substructures, guidelines also show some measures for usIng low-alkalI
cement or blended cement with neutralizing effect against alkali-aggregate
reaction. etc.

Concerning the maintenance of establIshed bridges, the Outline for Road
Maintenance and Repair and the Handbook of Road Bridge Repairs have been
produced to Introduce construction methods and examples of repair.

2-2 Provision of technical standards for earthquake-resistant design of
bridges and earthquake disaster countermeasures

2-2-1 _Te<jl!llcal standards for earthquake-resistant design of brIdges

In Japan, the Kanto Earthquake of 1923 and enormous damages by It gave
an opportunity to take the Influence of earthquakes Into concrete
consideration for the design of bridges. Thus, In 1924 the Public Works
Bureau, the Ministry of Home Affairs, Introduced, "Earthquake Resistant
Method for Abutments and Piers", noticing that the horizontal earthquake
forces had to be considered In the design. Changes In earthquake-resistant
standards and seismic forces up to the present are shown In Table 2.1. In
June, 1926, the regulation to deal with the seismic force as one of the design
loads was Included for the first time In the "Specifications for Design of
Roads (draft)" issued by the Public Works Bureau, the Ministry of Home
Affairs; the expected earthquake load for the bridges was subject to
regulations to deal with the maximum stress on every Ilember of the bridge by
"the maximum seismic force at each location". Replacing these specifications,
was "Specifications for Design of Steel Road Bridges (draft)" Issued In 1936.
The horizontal acceleration of 0.2 g and the vprtlcal acceleration of 0.1 g
were regUlated as the standard values of seismic design coefficients and to
Increase or decrease the values considering the condition of the location.
In the revised "Specifications for Design of Steel Road Bridges" (1956 and
1964), the horizontal seismic coefficient was regulated to vary from 0.10 to
0.30 according to the area and ground condition. and the vertical seismic
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coefTlcient was regulated to be 0.1 as a standard.
The provision of detailed standards for earthquake-resistant design was

In "Specifications for Earthquake-ResIstant Design of Road BrIdges" enacted
in ~arch. 1971. taking the lessons learned from the damage Caused by the
:'>liiitata Earthquake of 1964. In the specifications. the selsml<: design
coefficient was systematically regulated according to seismic zoning. ground
condition and Importance of the bridge. The modified seismic coeffIcient
method was also adopted for bridges which vibrate easily, such as those with
high pIers. In addition to the rules regarding the seismic design coefficient.
the effects of earthquakes Including the deformation of ground caused by
earthquakes were comprehensively estimated. Also Introduced was a safety
conslderatlon to treat the bridge as a total structure system by giving the
structural detail to prevent superstructures from failing due to relative
displacement between the super- and substructures. In May. 1980. Design
Spf'('lflcations for Road Bridges Part V: Earthquake Resistant Design were
issued. In which the evaluatlon method of liquefaction of the ground was
prescribed. Moreover. new Ideas to consider the expected effects of
Iiquefactlon were applied Into the design of foundations. And the
rcgu lations concerning ductility calculation of RC piers and earthquake
Input motions for the earthquake response analysis were newly added.

Mter that. In February. 1990. Specifications Part V for
Earthquake-Resistant Design of Road Bridges were revised. The purpose of
the current earthquake-resistant design method Is to ensure that the bridge
structures wlI I not be damaged by small to middle scale earthquakes which
occur with relatively considerable frequency and that bridge collapse will
not occur during large-scale earthquakes like the Kanto Earthquake of 1923.
Fig. 2.3 shows the flow chart of earthquake-resistant design for road
bridges.

In February. 1988, the "Manual for Earthquake Disaster Prevention
Measures (Measures before Earthquake and Post-Earthquake Repair Method)"
was published for the purpose of reducing damage to road facilities during
large earthquakes and ensurIng road traffic after an earthquake.

With regard to measures before earthquakes. while there are some hard
measures to provide earthquake-resistant design lIethods for road
structures. so as to have the necessary earthquake resIstance and to
strengthen road structures with relatIvely low earthquake-resIstance by
addIng necessary seismic strengthening. There are also some soft measures to
provide alternative road structures or routes for minimizing damage effects
on road traffic and various measures for rapId repaIr of damaged structures
and restoration of necessary functions after an earthquake. This manual
summarizes the methods for evaluating vulnerable structures and seismic
strengthening method for the road structures, such as embankments,
bridges. tunnels. slopes. etc.• and various matters which It Is desIrable to
examine before an earthquake.

For post earthquake measures, road are IndIspensable and Important
facilities for evacuation. transport of emergency goods and reconstruction
of various facilities. When roads themselves suffer dallage. It Is necessary
rapid Iy and precisely to Judge the damage sItuation, to take proper action
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FIg. 2.1 PrGgress of" arrangement of technkal standards for
bridge substructures.
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Table 2.1 History of Design Leads for Highway Bridges in Japan
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Direct Caisson
foundation foundation

and to precisely carry out temporary and permanent repairs. This manual
shows technical methods for damage Investigation, judgment of the damage
degree and repair methods for various structures, such as embankments.
bridges, tunnels, slopes, etc. At the same time, it shows ways to carry out
the rapid restoration work, such as strategy for repair of damaged
structures, the rehabilltatlon system. information connection, information
to the publ ie, conference between related agencies. etc.

:3. Design Methods for Substructures

3-1 Distinction of foundation forms by desIgll

Foundations can be classified Into shallow and deep ones. Hoth direct
foundations and caisson foundatiol1s can be regarded as rigid structures.
The dP'fercnce between them lies in the penetration depth. Generally, they
are distinguished by t.he ratio of penetration depth to foundation wldt.h.

Deep foundations can be classified into pile foundations. caisson
foundations. assembled steel pile sheet pile foundations. etc. The deSign
method Is determined by whether they are regarded as rigid or elastic
structures. Generally. the value of f3 i Is used as the criterion of rigidity.

In specificatIons for HIghway Bridges. dIrect foundations, caisson
foundations, pile foundE,tions flnd steel pipe sheet pile foundations are
distinguished as shown in Fig. 3.1 lind Fig. 3.2.

Of: Effective penetration
depth (m)

B: Short side width of
L..- ...L- -'-__> Of/B foundation (m)

o 1/2

Fig. 3.1 Distinction between Direct Found~~lon

and Caisson Foundation

i i i
I Foundation fOrJII Rigidity I Guideline of Pl indicating I
I evaluation of I application range of I
I foundation I delillninll method I
I I I
I I 1 2 3 4 I
I Direct foundation Rigid Itructure I I I I I I
I I I I I I I
I lligid Itructure i I I I I I
I Caillon foundation (Elastic I < I > I I I I
I .trueture) I I ! I I I
I I I I I I I
I Steel ~ipe Iheet pill El•• tic .tructure I < I I I >

1-1I I I I I !
I Lilllited I 1< I >1 I
I length pUe I I I I I I
IPil. Ela.tic .tructure I I I I I I
I foundation Semi- I

, I I I II

I unlimited I I I I<--+-> I
I lenath pUe I I I I I ,
I I I I I I -l

1: Effective penetration depth of found4fi\)n (em)

f;: Characteristic value of foundation (em- l ), f; • ~ 1JIp.
4EL

Fig. 3.2 Foundation FOrJl'lI and Range of ~l
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The foundation transmits the loads applied to the superstructure and
the substructure to the supporting ground. Therefore, It must be
dynamically stable, and must not give rise to harmful displacements. A
foundation's mechanism for resisting loads depends on the constructIon
method and the depth of the foundation, as well as the relative rIgIdIty of
the foundation and the ground. Therefore, resisting mechanisms must be
consIdered carefully enou~h to make a desIgn model and to select check
Items for stability calculation.

Table 3.1 shows stability check Items which are used for various types of
foundations. Here, horizontal dIsplacement Is the horizontal displacement
whieh Is restrIcted by the substructure.

I) A foundation must be stable against bearIng, overturnIng and slidIng.
Examination relating to overturnIng Is necessary for shallow foundations,
such I1S di reet foundations, but Is generally unnecessary for deep
foundations.

Table 3.1 Check Items for Stability Calculation

I

I Check item Bearing power Horizontal
I Ov!!r- Slid- displace-
I Foundation Verti- Horizon- turn ing ment
I type cal tal
I
I Direct foundation 0 (0) 0 0

I
I Caisson 13 Sl 0 0 0

I foundation
I :".,<: P<Z 0 a 0 0

I
I Steel pipe sheet. 0 0

I pile foundation
I
I Limited length 0 0

I pile
I Pile
I Semi-unlimited 0 0

I length pile
I

( ) mean. that the item must be checked wh~n the penetrated part
partly bears the load.

2) As amounts of displacement allowable for foundations, the following must
be considered:
CD Allowable displacement determIned from the superstructure: This value
Jlmlts the dIsplacement of a foundation In order to protect the
superstructure from harmful Influences. It Is applicable to a statically
Ir_termlnate structure and a statically determinate structure to which
displacement Is l!;lven at the crown of the pIer or at the bearing post tlOD.
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~) Allowable displacement determined from the substructure: Excessive
horizontal displacement of an elastic foundation Is a cause of harmful
residual displacement. Therefore, the horizontal displacement of a
foundation generally must be within the elastic displacement for assuring
Its design stability. In other words. the allowable displacement has been
determined with the meaning of keeping the horizontal displacement of a
foundation within Its elastic displacement. Allowable displacement has been
set at 1% of the foundation width from many loading tests(Flg. 3.4 and 3.5).
In case of a large elastic foundation of more than 5 m In width. 5.0 em has
been set as the limit because only a small allount of Iv.!\dlng test datil are
available and the Yield displacement region of a foundation cannot be
determined easily. In the case of a pile foundation, 1.5 cm has been set as
the minimum value because previous records prove Its safety. In case of a
rigid foundation. horizontal stability Is checked by passive earth pressure
because of Its large rigidity. Therefore, there Is no special restriction as
to allowable displacement in the sense of keeping the h0rlzontal
displacement within the elastic displacement.

3-3 Selection of Bearing Layer and Penetration Depth

A good bearing layer cannot be uniformly defined because It depends on
the Impartance of a structure and the load applied to a foundation.
Generally, the following Items may be used as criteria.

I) A viscous soil layer requires careful study when used as a bearing layer
because Its bearing power Is smaller and Its settlement Is larger compared to
a sand layer. However. It may be considered to be a good bearing layer If Its
N value Is roughly over 20(lts unconfined compression strength qu Is over 4
kgf/cm:<'. )
2) A sand layer or a gravel layer may be regarded as a good bearing layer If
Its N value Is over 30. However, the decIsIon must be made carefully because
the N value obtaIned wIth a gravel layer sometimes appears larger than It
really Is.

3-4 Design Fundamentals

Design methods for spread foundations. caIsson foundations. pile
foundations and assembled steel pipe pile foundations have been prescribed
In the Japanese Specifications. The design guideline for the underground
diaphragm wall foundatIon Is under study but at the final stage.

3-4-1 Basics of design ,)f spread foundation

1) The vertical ground reaction at the bottom of a spread foundation should
not exceed the allowable vertical bearing power of the bottom
foundation.

2) The posl tlon of the resultant loads operation on the spread foundation
should be within 1/6 of the bottom wIdth from the center at normal times
and 1/3 during earthquakes.

3) The shearing resistance at the bottom of the spread foundation should not
exceed the allowable shearing resistance of the bottom foundation.

-77-



,'•• r r.'I.' •• ce., l'. Ito ....

/
~llr••••

r.acllo.

"---- L. --'

Fig. 3.5 Spread foundation

4) The horizontal reaction operating on the embedded depth of the spread
foundation should not exceed the allowable horizontal bearing power of the

foundation.
5) The displacement of the spread foundatIon shou ld Ilot exceed the

allowable amount.

3-4-2 BasIcs of desIgn of caisson foundation

1) Vertical load Is to be supported only by the bottom of caisson as a rUle.
MaxImum unit subgrade reactIon at the bottom of caIsson Is not to exceed
the allowable unit bearing capacity of the ground at the same location.

2) Horizontal load is to be supported by the vertical subgrade reaction at
the bottom of caIsson. horizontal subgrade reaction of the periphery and
shear ing resistance at the bottom as a rule.

3) Maximum unIt subgrade reaction at the front of caisson Is not to exceed
the allowable unit bearing capacIty of the ground. and also the allowable
shear re&lstlng force acting between the bottoll of caIsson and ground.

4) DIsplacement at the top of caisson Is to be revIewed by takIng account of
the allowable dIsplacement deter.Ined from the relation wIth the
superstructure.

5) Unit stress at each part of caisson Is not to exceed the allowable unit
stress during and after the work.

v

.r-h
-H

...1••
I'••••
I. r , lei

.---- --...., ~
' •• 1••••••~ \ ,.tll.l.
It I •• ~.tl.. .,....

''''l~ ..
fig. 3.6 Caisson foundation
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I) Pile foundation Is to be so designed that the reaction at the head of each
pile wIll be lower than the allowable bearIng capacIty of the pile.

2) If the displacement is rest.rlcted by the relationship to the
superstruelure or by the required rigidity of pIle foundation. It Is
rcqui red to examine the dIsplacement.

;n Depth of embedment of pile Is to be determined by comprehensively taking
aecount of the type and functions of superstructure, bearing mechanism
or pile and workability.

4) When usinJ{ pi les for the ground which may cause the consolidation
settlement after work. It Is requIred to examIne the Influence of ground
set tlement upon the foundation.

S) VertiCil I load Is to be supported on Iy by piles as a rule.
(i) It Is better to support also the horIzontal load only by piles as a rule.

When supporting the load together with plies and embedded portIon of
footing. It Is desired to ealcul:te the proportion of the load to be
supported hy each of them by takIng account of the dIsplacement.

7) It is desl red to arrange piles In such a manner that long-sustaIned load
will be supported by all piles as unIformly as possible. Also. the piles
are to be arranged by talkIng account of the rigIdity of footing and
shares of load.

8) Standard minimum Interval of plies Is to be 2.5 times the diameter of pile.

End bear!n, capacity

Horimntal
.round reBC t ion

M
0H

v

force

Ground surface
siB" ground surface

v
M.!h H

Fig. 3.7 Pile foundation
3~4-::LBllSlcsofge~!gJIof ~_~~mQJ~~ st~~l-lJ1J!e fouf!datlon

I) Vertical load Is to be supported by the bottom ground reaction and skIn
frIctional force.

2) The vertical ground reaction at the bottom of steel pIpe pile should not
exceed the allowable vertical bearing power at the bottom of foundation.

:1) Horizontal load Is to be supported by the vertIcal subgrade reactIon.
sharIng resistance at the bottom of foundation and the horizontal
subgrade reaction of the perIphery.

4) The displacement of steel pipe pile foundation sh0uld not exceed the
allowable amount determIned from the relatIon with superstructure.
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5) Unit stress at each part of foundation Is not exceed the allowable unIt
stress during and after the work.

hrtleo',r•••,
rlutl ••
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r•• 111 •• cl
1\ th ~.tt ..

1
t,
~S~•• r "

I.rl ••• tl.
• r ••••

r "C"'.

Fig. 3.8 Asse.bled steel pipe pi Ie foundation

3-4-5 Basics of design of underground dIaphragm wall foundation

I) Vertical load Is to be supported by the bottom ground reaction and skin
frIctional force.

2) The vertical ground reaction at the bottom of foundation should not
exceed the allowable vertIcal bearing power at the botto. of foundatIon.

3) Horizontal load Is to be supported by the vertical subgrade reaction and
shearing resistance at the botto. of foundation. the horizontal subgrade
reaction of the front of foundation. shearing resistance of the both
sides of foundation.

4) The displacement of diaphragm wall foundation should not exceed the
allowable amount deter.lned froll the relation with superstructure.

5) UnIt stress at each part of foundation Is not exceed the allowable unit
stress durIng and after the work.
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Fig. 3.9 Underground diaphragl wall foundation
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:J_-5 DesIgn Procedure of Plle Foundation

3-5-1 The desIgn pr:lcedure of plle foundation

The design procedure of plle foundation Is shown In Flg.3.10.
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3-5-2 Vertical bearing capacity

Formula of bearing capacity of a pile is given below.

Ra=1'- (Ru - Ws) + Ws - W
n

In which Ra: Allowable push bearing capacity In the axial direction at the
pile head (If)

n : Safety factor shown In Table 3.2
7 : Safety factor correction coefficient according to differences

in the ultimate bearing capacity estimating method.
Ru: Ultimate bearing capacity of pile determined from the ground

(tf)
Ws: Effective weight of the earth to be replaced by the pile (tf)
W: Effective weight of the pile and earth in the pile (tf).

Table 3.2 Safety Factors

~ Bearing pile Friction pile*
Loading type

During normal times 3 4

During earthquakes 2 3

If the friction pile under the following conditions Is used, the safety
factors for bearing piles are applied to friction piles which have the same
degree of safety as bearing piles.

CD Heavy ground settle.ent Is neither In progress at present, nor
anticipated In the future.

~ The pile length Is at least 25t1.es as large as the pile diameter (Fig.
3.11). (The length lIust be at least 25_ for piles with a diameter larger
than 111.)

(3) If the ground Is cohesive, at least 1/3 of the overall pile length Is
penetrated tnto over consolidated ground.

For a friction pile, the bearlnc capacity of the end Is not considered In
principle. Since Inner digging piles of' the friction pile type have not been
used and their bearing capacity characteristics are unknown, they should
not be adopted In principle.

Safety relating to the bearing capacity of a pile Is to be guaranteed by
the safety factor correction coefficient which Is deter.lned with
consideration given to the accuracy of the ultl.ate bearing capacity
estimating lIethod (Table 3.3).

-82-



60 r-------------====:::;==:=::;;:===:r

~ 40

20

spp CCP
" Bearing

i Ie • X..
Friction

e • 0

0

o0'---..I....-.-...120--L.--4:-.1:-0-------l-------:6~O-----'--~80

I/D

Fig. 3.11 Percentage of trannitted load to the end

bearing ground T and penetration ratio ,/O

Table 3.3 Safety Factor Correction Coefficient Y according to

Ultimate Bearing Capacity Estimating Method (Fig. 3.12)

Ultimate bearing capacity Safety factor correction
estimating method coefficient

Bearing capacity fOrJllula 1.00

Vertical loading test 1.20

Ru Is the ultimate bearing capacity of a pile which Is determined from the
ground. It Is determined by the following equation froll the end bearing
capacity and the skin friction bearing capacity.

Ru = qd . A + V ~ R I . f I

In which qd: VI tlmate bearing capacity per unit area at pile end (tf/m2
)

A : Pile end area (m2
)

U : Circumferential length of pile (a)
g I: thickness \)f layer requiring consIderation of skin frigpional

force (m)
f,: Maximum skin frictional force of layerrequl[Pringconslderatfon

of skIn frictIonal force (tf/1I2
)
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Fig. 3.12 Comparison of required safety factor for

prediction .ethods of bearing capacity

(in case of cast in place pile)

1) Estimation of end bearing capacity qd

CD Estimation of ulUaate bearing capacity of pile end qd.
In0669caseofadrlvingplle,tbe ultlaate bearing capacl[Ptyof~heplleend Is

estimated from Fig.3.13.
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In Fig. 3.13. N (N value of pile end qround used for

desiqn) is obtained with the followinq equation:

30 ----------------,----------
:if;

.. I
;' ,

;' I
, I

;' I

/ :
, I,"" ~,/ Applicabl.e to open end nee1 pipe pile

/ ,
, I

o 5 10

( converted penetration depth to bearing layer)
Pile diameter

Fig. 3.13 Ultimate Bearing Capacity qd of

Pi Ie End Ground

N - Nl + N2 (N ~ 40)
2

In whIch N1: N value at pile end position
N2: Average N value In a range of 4 x the pile dlaaeter In an upward

dIrection froll the pile end

(2) In case of cast In place pile. qd Is gIven by Table 3.4.

Table 3.4 Estimated qd of Cast-in-place Piles (tf/m l )

Ground type Ultimate bearinq capacity of end

Gravel layer or sand 300
layer (N ~ 30)

Hard cohesive earth layer 3qu

Note that qu is the unconfined compression strenqth (tf/.Z )
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Q) For inner digging piles, qd is taken form Tabie 3.5. according to the end
treatment method.

Table 3.5 UltiJlate Bearing Capacity of End of

Inner Digging Pile.

End treatment ••thad Calculation ..thad ot end
~.ariD9 capacity

(a) Pinal 1JIIpact The ••thad used for a drivinq
pile i. applied.

(b) Cement milk eruption Bearing capacity of end
and aqitation (tt/aa )

qd .~15N ($ '50)
Sand layer

20N (S 1,000)
Gravel layer

in which HI N value of pile
end CJround

--'-
(e) Concrete placinCj The end bearing capacity of a

cast-in-place pile i.
applied.cJEja laJW .'~~. j

~.= P't . ~ . ..

2) EstimatIon of maximum frictional force of pll~ skIn f l

The maxImum frIctIonal force of pIle skIn Is estimated from Table 3.6.
according to the pile construction method and the ground type.

Table 3.6 Skin Frictional Force (tf/m l )

Ground type Driving pile Cast-in-place Inner digqinq
method pile method pile method

Sandy ground O.2N (~ 10) O.sH (~ 20) O.1N (~ 5)

Cohesive ground C or N (~ 15) C or N (~ 15) o.se or 0.5H
(~ 10)

Note: Skin frictional resistance should not be considered in

the case of a Boft layer of N ~ 2.

3-5-3 CoeffIcIent of ground reaction In the horIzontal dIrection

The coeffIcIent of ground reaction In the horizontal direction Is
obtained by the followIng equation.
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In which
k.. Coefficient of gruund reaction In the horizontal direction

(kgf/cm 3
).

k.m : Coefficient of ground reaction In the horizontal direction
(kgf/cm 3

) whIch Is equivalent to the value of a plate loadIng test
using a rigid disc of 30 cm (diameter). It Is obtained by the
following equation when It Is estimated from the modulus of
deforlJlation obtained from various soil tests and InvestigatIons.

I
k. n =3"0 11" ED

BH : Converted loadIng wIdth (CII) of the foundation perpendicular to
the loading direction. In case of ground related to the horizontal
resistance of an elastic foundation, a range from the desIgn ground
level to about II f3 should be considered.

Eo : Modulus of ground deformation of the posItion usually obtaIned by
N-values(kgfIcme ).

a : Modu Ius used for estimatIng the coefficient of ground reaction.
AH : LoadIng area of the foundation (cm2

) perpendicular to the loadIng
direction.

D : LoadIng wIdth of the foundation (cm) Perpendicular to the loading
direction.

1/ f3: Depth of ground related to the horIzontal resistance (~m). It
shou Id not be less than foundation length.

f3 : Characteristic value of the fOl1ndation

~ k H " D ( -14E(-- cm )

EI : Bending rIgIdity of the foundation (kgf· c.2
)

fig. 3.14 shows comparIson of ob&erved and calculated k-values.

25.000 ----]------ - ---r----r- I

~ 2UO ----- ------ -----~------ --/~

~ ",,- -_.._~--- --, ---:-~f---~
"l 10 _ ----- -----.' _2(___ ------
.' I I~ .,
• I

.: No. of Dlh=13ZI
o ---r----rS1'P N-Q

• • CCP N-32
, • P C N-J'•

• PHC N-J'·
1•. _ IS._ 11._ IS._

Predicted k-'llueCtf/.")
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3_-:~-4 Coefficient of pile head reaction in the vertical dI rection

The coefficient of pile head reaction In the vertical direction
k",(vertlcal spring constant of a pile) Is defined by the following eQ.

Where.
a:Coefficients(Table 3.7)

Ap : Sectional area of a pile
E..: Yang's modu Ius of a pile

!J : Pile length
In case of steel pipe pIles. Fig. 3.15 shows prediction errors of

k",-values compared with observed values.

Table 3.7 Prediction for.ura of a constants

Construction a-« (l / D) +11.ethods
S p P 0.014 (l /D) + 0.78

PC 'PHC 0.013( I /D) +0.61

C C P O.03H l /0) -0.15

E.bedded S P P O.OO9( 1 /0) +0.39

E.bedded P C O.OlHI/O)+O.36

p B P 0.009 ( 1 /0) + 0.81

12
l =15.

o

6. -;;---~-==- 9LJ

Predicted

g~.....,..-------------------,
to

• =0 =
~ .....
-;
::.::

0
0
C'J

o 20 40 60 80 100 120
I/D

Fig. 3.15 Co.parison of predicted and

observed k. values(in clse of SPP)

-88-



DESIGN DETAILS OF REINFORCED CONCRETE BRIDGES IN JAPAN

Taisuke Akiaoto (II

HISTORY OF SPECIFICATIONS OF CONCRETE BRIDGES

"Standard Specifications for Concrete" (Japan Society of Civil
Engineers (JSCEII had been revised again and again since its establishaent
in 1931, and in 1949 it becaae alaost the saae feraat as is today. The
revision was repeated In 1956, 1967, and 1974. Finally, after design .ethod
for shtar forces was changed In 1980, basic design concept was changed froa
"Allowable Stress Design" to "Liait Design" in 1986.

In designing reinforced concrete hlgh.ay bridges, loads and allo.able
stresses .ere decided based on "Road La.... On the other hand. design
calculation and structural details were deter.lned using "Standard
Specifications for Concrete" (JSCE). In addition, "Specifications for
Reinforced Concrete HighwaY Bridges" was established in 1964 as the first
specifications for concrete highway bridges. While loads and structural
details .ere specified in "Specifications for Reinforced Concrete Highway
Bridges", design calculation was .ade based on "Standard Specifications for
Concrete" of 1956 (JSCE).

In 1978. "Specifications for Hlgh.ay Bridges. Part III: Concrete
Bridges" was established. co.blning "Specifications for Reinforced Concrete
High.ay Bridges" and "Specifications for Prestressed Concrete High.ay
Bridges (1968)". Before that. In 1971, "Selsalc Specifications for High.ay
Bridges" was established, contributing successfully to the seisalc design
of Japan. Further.ore. in 1975, "Guide for Reinforced Concrete Structures
Using D51 Reinforcing Bars (Tentative)" (JSCE) .as establish, in .hich a
design idea of the anchorage of longitudinal reinforce.ent at aid-height of
a reinforced concrete bridge pier .as clearly presented. At the saae tiae,
"LI.it Design" was energetically discussed outside Japan. Consequently, the
revision of 1978 becaae drastic. The aajor changes are as follo.s: ---

(II In addition to conventional stress checks based on "Allowable Stress
Design", "Llait Design" under ulti.ate loads .as obliged.

(2) Design aethod for shear forces and allo.able stresses .ere changed,
.hile design aethod for torsion. structural details (ainiaua aaount of
reinforce.ent, anchorage in a tensile zone, and etc.), and
construction .ere added.

Other parts of "Specifications for Hlgh.ay Bridles" (Part I: Co..on
Specifications (Loads, Materials, and etc.), Part II: Steel Bridges, Part
IV: Substructures, and Part V: Seisaic Design) were revised in 1980, and
the design of bridge piers and foundations could be .ade based on "Part
IV". Before the revision, "Specifications for Reinforced Concrete Highway
Bridges" and "Standard Specifications for Concrete" (JSCE) .ere used for
stress calculation and structural details.

(I) Head. Design and Research DlviRlon, Engineering Depart.ent
Metropolitan Expressway Public Corporation, Tokyo 100, Japan
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Since there is a possibility that the difference in the degree of
safety might be induced between the old and new design of concrete bridge
piers and etc. due to the "Specifications for Highway Bridges" revision of
1978 to 1980, the necessity of preventive maintenance has been studied.

In 1990, "Specifications for Highway Bridges (Part I Vl were
revi~ed. While there is no big change in Part III (Concrete Bridges),
drastic change is made in Part V that check for horizontal ultimate
strength of reinforced concrete bridge piers at the time of earthquake is
specified. Consequently, the design for ductility of reinforced concrete
bridge piers became clear. As the change might also ~ause the difference in
the degree of safety between existing and future bridge piers, the
necessity of preventive maintenance is examined.

The specifications of JSCE ellployed "Limit DesIgn" in 1986. As for
highway bridges, research is being carried out to revise the specifications
based on "Limi t Design" in 2001.

MAJOR CHANGES IN SPECIFICATIONS
FOR REINFORCE CONCRETE HIGHWAY BRIDGES

In this section, lIajor changes concernIng seisllic design in
"SpecifIcations for Reinforced Concrete Highway blidges" are discussed
except for loads and materials.

Design Methods

The 1978 revision of general rule for design calculation in
"SpecifIcations for Highway Bridges Part III: Concrete Bridges" was that
'_heck for safety factor based on "Limit Design" was specified in addition
to conventional check for stresses based on "Allowable Stress Design". In
other words, this "Specifications" is considered to be at a transition
stage to the future specifications based on "Limit Design". The revision
made design a little cOlllplicated. But. at the sallie time, the
"Specifications" clarifies the way the future design specifications should
be since it shows the dilemma of both design concepts.

The "Limit Design" has not been established yet
"Specifications" since only the following loads are specified.

o 1. 0 or 1. 3- (Dead Load) + 2. 5. (Live Load + Ilipact)
o 1. 7. (Dead Load + Live Load + I.pact)
o 1. 0 or 1. 3- (Dead Load) + 1. 3. (Earthquake Force)

in the

The yield strength of .ellbers is supposed to c~eck for sectional
forces due to the above-lIIentioned loads. In general, the design of main
girder with shorter span, slab. and substructure tends to be deterlllined by
"Lillli t Design".

In the design of many reinforced concerete piers, the check based on
"Limi t Design" will be unnecessary when finishing check for horizontal
ultimate strength at the tIme of earthquake based the "Specifications, Part
V" of 1990. Consequently, the desIgn lIethod will be esteabl1shed based on
future research.

Design of Me.bers Subject to Shear Forces

Before the 1978 revision of "Spec1ficaitons for Highway Bridges, Part
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III: Concrete Bridges", the design of me.bers for shear forces was made as
follows:

o -: a 1 ;, "' '.' a 2

(1) (Minimum shear reinforce.eut shall be arranged
since concrete resists shear forces.)

..... (2) (Required shear reinforcement shall be arranged
using the following equation.)

Aw=(S.a}/ [Gas.j.d(sin 6 .cosG)] (3)

a . 1 a2 ..... (4) (Larger concrete cross section shall be used.)

where, S: Shear force at the section of a member

b: Web thickness or width of a member

j 'd: Distance from the action point of the resultant of
compressive stresses to the centroid of the tention steel

a: Pitch of diagonal tention reinforcements in the axial
direction of the member

0: Angle between the diagonal tent ion reinforcement and the
axial direction of the meaber

~: Allowable stress of 'cinforcement 8SD30 ., 1800 kg/cm 2)

lal: Allowable shear stress of concrete (Table 2)

1~: Maximum allowable shear stress of concrete (Table 2)

Table 2 Allowable shear stress of concrete (kg/cm 2 )

Specified compresRive 210 240 270 300strength of concrete

"':al 6 7 8 9

la2 18 20 22 24

In the 1978 revision, the design of members for shear forces was
changed as follows:

o 1m=S/(b·d) S1a ..... (5) (Ninimum shear reinforce.ent shall be
arranged since concrete resists shear
forces.)

o la::Slm-:la20rTaS1m .1ma=Su/(b·d)STmaxoo (6) (Required shear reinforcement
shall be arranged using the
following equation.)

Aw=1.15 [(S-o.S-Scl·al/ [Oas·d(sin6 +cos6)] (7)

or, A,,,=1.15[(Su-Scl a / Osy.d(sinO .cos8)] (8)

....... (9) (Larger concrete cross section
shall be used.)
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where, d: Effective depth of the section of a .e.ber, the distance
fro. the extre.e co.ressive fiber of the .e.ber to the
centroid of the tention reinforce.ents

Su: Shear force due to the ulti.ate loads at the section of a
.e.ber

Sc: Shear force carried by concrete

(10)

0sy: Specified Yield strength of diagonal tension reinforcements

Ta : Allowable shear stress of concrete (Table 3)

Tmai Upper li.its of shear stress of concrete (Table 3)

Table 2 Allowable and Upper Li.its of Shear
Stress of Concrete (kg/c.a )

Specified co.pressive 210 240 270 300strength of concrete

T a 3.6 3.9 4.2 4.5

T max 28 32 36 40

Figure 1 shows the relationship between shear stress and stress
supported by stirrup concerning the above-.entioned revitiion.

Further.ore. the 1990 revision specifies the check for horizontal
ultimate strength of reinforced concrete bridge piers at the ti.e of
earthquake to design ductile bridge piers, which are expected to show
bending failure prior to shear failure during earthquake.

Minimum Reinforce.ent

Before the 1978 revision, structural details were designed based on
"Standard Specifications for Concrete" (JSCE).

Minimum amount of reinforce.ent was specified as follwos:

o Tension or compression relnforce.ent of beaa Ast... Ast/(b·d)~15/osy=O.5%

(SD30;Osy=3000 kg/c. a )

o In beams, stirrups (D~6 .. ) shall be arrangd. The spacing of stirrups 1
shall be (1) In case Tal $T::>Ta 2, 1~2/d and b, and (2) In case
1 ~ d. When co.presslon reInforcement is provided, 1 15x(Dla.eter of
Compression Reinforce.ent) and 48x(Dia.eter of Stirrup).

o As for the longitudinal reinforce.ent of colu.ns, (Dia.eter)~ 128m,
(nu.ber)S4. and 0.8%x(Concrete Cross Sectional Area)S(Area) S 6%x(Concree
Cross Sectional Area).

o As for ties of colu.n. (Diaaeter)~6 .. , (Spacing)S(Mlnl.u. Horizontal
Di.enslon of Colu.n), 12x(Dia.eter of Longitudinal Reinforcement), and
48x(Dla.eter of Tie). Enough ties shall be provIded at colu.n joints of
bea.s and etc.
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The following changes were .ade in the 1978 revision. No other changes
were .ade, then.

o At any section, bonded steel (~DI3i Defor.ed bar, dla.eter 13 .. ) of
0.15% or more of the area of the .ember shall generally be arranged.

o Girder-Area of axial tension .ain reinforcements Ast$0.005b·d
-However, the above needs not be applied for a girder having
arranged reinforcements not less than 4/3 of the reqUired value
by calculation.

-Area of dIagonal tensIon reinforcements Aw$0.002b·a·sln8
-aSd/2 and 30 cm(lal Sl$la2), a 3d/4 and 40 c. (T$TaU

o Column - Area of axial .ain reinforce.ents As SO.008 A
(A; Sectional area of the column)

-Area of diagonal tension reinforcements Aw O.OOlSb·a·sIn e
-aSbmin/2 and 30 c. (bmin; Minimum size of .ember section)
-Arrangement of reinforcements at an intermediate Joint of rIgId
frame members ..... Fig. 2

The followIng changes are made In the 1990 revIsIon.

o Column: In Part IV, appropriate a.ount of tIe Is specified for
longItudinal reinforcement.

Table 3 Appropriate Tie

Pt (%) O<Pt SO.S 0.5<Pt Sl.0 1.0<pt

Pw(%) 0.15 0.20 0.25

(Note) Where Pt: LongItudinal tensile reinforcement ratio
Pw: Tie ratio

In case D$35 .. , stirrups (DS16) shall be arranged.

Tie arrangement at column JoInts of beams or footing is changed as
shown in Fig. 3.

Since 1967 "Standard Drawings for ReInforced Concrete Structures" of
the Metropolitan expressway Public Corporation has been specifyIng that
D16-22 tIes shall be used for longitudInal reinforce.ent with a diameter of
.ore than D29.

Anchorage of Main Reinforcement in Tensile Zone of a Me.ber

As for development of reinforce.ent, no drastic change has been made
since the establlsh.ent of "Standard Specifications for Concrete" of 1956
(JSCE). (Fig. 4)

In general, the anchorage of reinforce.ent shall be .ade In
compression zone of 8 member. But in so.e cases such as anchorage at mId
height of reinforced concrete bridge pier, It is unavoidable to anchor bars
in tensile zone of ~ .ember. In such cases, as specified in "Standard
SpecifIcations for Concrete" of 1967 (JSCE), reinforcement shall be
extended beyond a point of concrete where design calCUlation shows
reinforcement does not need to support bending .oment. Although the article
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specifies the anchorage length shall be determined to avoid harmful
crackIng of concrete near the end of anchored bar as well as to have enough
development length, no specIfic values are given. At this point, "Guide for
Reinforced Concrete Structure Using D51 ReInforcing Bars (Tentative)" of
1975 (JSCE) specifies clearly that the reinforcing bars at the second layer
may be cut at the point where reinforclng bars are extended by the same
length as the effective depth of the beam from the cross section where
design calculation shows no reinforcement is necessary, bent at an
appropriate angle, and extended 20 fro. the bending point. In this case.
enough consideratIon shall be given to avoid affecting concrete cracking
and ultimate shear strength. In additIon. "Commentary" indicates that in
case anchored bars occupy more than 20% of whole tensile reInforcement
arranged at the cross section, design shall be made to meet the following
two articles for shear stress near the bending point of reinforcing bars:
(a) 1 $0.6 1 a 2. (b) Even if 1:;1al. all the shear forces shall be supported
by ti~s.

In response to the above. "Specification for Highway BrIdges, Part
III: Concrete Bridges" of 1978 indicates the following in "Commentary".

When it is inevitable to anchor the main reinforcements in the tensile
portion of a member, either of the following measures must be taken.

(1) The reInforcements to be anchored shall be extended from the section
where the reinforcements are calculated to be not necessary by a
length equal to the effective depth, and at the posItion. be bent at a
proper angle so as to take a large cover. Then. they shall be extended
from there by a length of not less than 20 times the diameter of
reinforcements and be stopped. However, in this case. the shear stress
under the ultimate loads between the position of no necessity for
reInforcements and the point of the stop shall be 1/3 or less of the
value 'max'

(2) Reinforcements to be anchored shall be extended and stopped at the
position where the tensile stress of continuous reinforcements becomes
1/2 or less of the allowable stress Gsa. However. In this case, the
shear stress under the service loads between the position of no
necessity for reinforcements and the point of the stop shall be 2/3
or less of the value la1 and the length between the two posi tions
shall not be less than the required anchorage length.

In the 1990 revisIon, the condition for shear stress is 1 :£2/3,a2 to be
applicable to check for design loads.

Additionally, since 1967 "Standard Drawings for Reinforced Concrete
Structures" of the Metropolitan Expressway Public CorporatIon has been
specifying that at least one half of whole main reinforcement of column
shall be extended to the top, and that the rest shall be dIvided into at
least two parts and anchored at mid-height.

Splices of Reinforcement

Although there is no big changes from the previous one, articles for
design and execution of gas welding splices were specified in 1978.
Generally, reinforcing bars with a diameter of more than D29 are welded
with gas. In 1982, "Guide for Splices of Reinforcement" (JSCE) was
established and quality criteria for mechanical splices were specified.
Various types of splices are now used which meet the criteria.
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Other Details

Other structural detaIls are as follows:

o Traditionally. haunches are generally .ade at colu.n joInts of bea.s. and
haunch reinforcement is provIded as shown in Fig. 6.

o Bending Radiuses of reinforcing bars. which are traditionally used. are
shown In Fig. 7.

o Reinforcement arrange.ent for torsion. which was specified in the 1978
revision, is shown in Fig. 8.

o Ties for large cross section, which was specified in the 1978 revision.
is shown in Fig. 9.

o Reinforcement arrange.ent for joints of rigid fra.e. which was specified
in 1978 revision. is shown Fig. 10.

o Reinforcement arrange.ent for footing, which was specified in 1980
revision. is shown in Fig. 11.

o Reinforcement arrangement for pile. which was specified in 1980
revision. is shown in Fig. 12.

o Traditionally. specified co.pressive strength of concrete °ck is 210
kg/c. a . As for reinforcing bars, SD30 (Osy=3000 - 4000 kg/cma • Osu 4500
kg/c. 2

, and elongatIon 16% was generally used. But sInce then 1978
revision. SD35 usy=3500 - 4500 kg/c.a • 0su=5000 kg/cma • and elongation
18%) has been used.

EXAMPLES OF REINFORCEMENT ARRANGEMENT
FOR CONCRETE SUBSTRUCTURES

(1) Reinforce.ent arrange.ent for rigid fra.e bridge pier is shown in FIg.
13 (1) and (3).

(2) Reinforce.ent arrange.ent for footing is shown in FIg. 14.

(3 ) Reinforce.ent arrange.ent for cast-in-place concrete pile is shown in
FIg. 15.

(4 ) Reinforce.ent arrange.ent for two storey rigid fra.e bridg~ pier is
shown In FIg. 16.
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Fig. 2 Arrange.ent Reinforce.ents at an Inter.ediate
Joint of Rigid Fra.e "e.bers

The following a.ount of stirrup should be arranged.

I section: More than O.002b·a and .ore than 1.2x(required a.ount at the
ti.e of earthquake).

II section: "ore than O.002b·a.
III section: More than O.0025b·a.
IV section: More than O.0015b·a.

where b: Bea. width (c.)
a: Stirrup or tie spacing (c.)

Fig. 3 Reinforce.ent Arrange.ent at an Inter.ediate Joint
of Rigid Fra.e and Bridge Pier
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length by equation (4.2.1)]. However, when the ends are hooked, it
is enough that the anchorage length be not less than twice the cover
of tension steel or 20 em or more from the support.

Fig. 4 Anchorage of Longitudinal Main Tension Reinforce.ents

Compression main
reinforcement Compression main

reinforcement

Tension main
reinforcement

Tension main
reinforcement

I
Cross section where tensile
stress of reinforcement is
less than 1/2 of allowable
stress.

Cross section where no re
inforcement is required.

Tm
tal
1a2

la

Average shear 5tress of concrete
Allowable stress in case shear force are support('d by concrete only.
Allowabe stress in case shear forces are supported by concrete and diagonal tensile
reinforcement.
Development length

Fig. 5 Main Reinforce.ent Anchorage in Tensile Zone
of 8 Me.ber
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Fig. 6 Reinforce.ent Along a Haunch
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Upper reinforcement shall be
morp. than 1/3 of lower main
• cinforcement.

More than D19
reinforcement.
Less than 20 em
spacing.

(a) Reinforcement arrangement
(Lower main reinforcement)

(b) Reinforcement at a
footing end

Fig. 11 Reinforce.ent Arrange.ent of a Footing

Center-to-center distance between hoo s in the anchor
portion of main reinforcing bars: not greater than
15 cm

cm

Position of lower main
reinforcing bars of the
footing: 15 em

Diameter of main reinforcing

Lower main reinforcing bars
of the footing

bars of pile: ,

Center-to-center distance between

Len th of the anchor portion of main
reinforcing bars: not less than 35~

footing:
than D

Thickness

Not less than 2D

Not less than D/2

hoops in the pile head: Dot
greater chan 15 em

Diameter of pile: D

Fig. 12 Reinforce.ent Arrange.ent of a Pile (Insert)
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2) San Francisco Double Deckers - Observed D8Ilage and 8 Possible
Retrofit Solution
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AN OVEB.VIEV OF DAMAGE TO HIGHVAY BRIDGES

DUllING THE LOKA PRI!TA EAllTHQUAU

by H. S. Lew
Building and Fire Research Laboratory

National Institute of Standards and Technology

---.~ At 5:04 p.m .• Pacific Daylight Time, on October 17, 1989, an earthquake with a
surface-wave magnitude of 7.1 occurred with its epicenter located about 10 miles
(15 km) northeast of San~a Cruz and 60 miles (95 kID) south-southeast of San
Francisco, California. According to the U.S. Geological Survey, the earthquake
ruptured a segment of the San Andreas fault below the Santa Cruz Mountains. The
hypocenter was about 11 miles (18 kID) beneath the Earth' s surface, and the
rupture propagated about 25 miles (40 kID) both northwest and southeast within
a lO-second period. The earthquake was felt over an area of 400,000 square miles
(1,000,000 SQ kIn), from Los Angeles to the south, Oregon to the north, and
western Nevada to the east. This ~arthquake, named the Loma Prieta earthquake,
was the largest on the San Andreas fault !'lince. the great San Francisco earthquake
of 1906 (K - 8.3) when a 275-mile (440-klD) ~tretch of the fault ruptured. This
report presents an overview of damage to highway bridge structures during the
earthquake. ~__

Introduction

The main highway network in the San Francisco Bay region sustained serious damage
at several locations. The most notable is the damage to and collapse of the
long, double decked viaduct sections of freeway in the San Francisco and Oakland
areas. Except for the collapse of a single link span of the double-deck section
of the San Francisco-Oakland Bay Bridge, most bridges in the area of the San
Francisco Bay survived the earthquake with relatively minor damage. Most bridges
and viaducts had been strengthened in the California Departllent of Transportation
(Cal trans) Phase I seismic retrofit program which included identification of
structures that are vulnerable to excessive displacements in the longitudinal
direc tion and have the potential to have spans collapse. Typically, these
structures have narrow hinge seats or discontinuities in the superstructure
across piers or abutments and were constructed prior to 1971. Cables or bars
were placed across these joints, tying the elements of the superstructure
together.

Following the Loma Prieta earthquake Cal trans I!ltgineers conducted prelillinary
inspections of more than 1500 brldge structures in the area affected by the
earthquake and determined that sOlie 73 bridges had suffered minor damage of
varying degrees, that five major viaducts and five other bridges suffered
significant structural damage, and that major or partial collapses occurred at
three sites. Figure 1 depicts the locations of the five damaged viaducts and
the collapsed span of the Bay Bridge, indicated by shaded circles, and the 1
880 collapse by the shaded oval.
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The 1-880 Collftp.e

Interstate 880, also known as the Nimitz Freeway, is a primary north-south
oriented 8-lane highway connecting San Jose with Interstates 580 and 80, adjacent
to the east end of the San Francisco-Oakland Bay Bridge. Generally, 1-880 is
a ground level freeway with the exception of a 2 mile (3 km) elevated segment
which is oriented approximately north-south and is bounded by 7th Street on the
south and 34th Street on the north in Oakland (see fig. 2). The configuration
of the elevated portion, known as the Cypress Structure, consisted of a bi
level system with four lanes of north-bound traffic on the first level,
approximately 25 feet (8 m) above ground level, and four lanes of south-bound
traffic on the upper level, approximately 50 feet (15 m) above ground level.
Surface level traffic paralleled the Cypress Structure on both sides with
underpasses at the major cross streets. Design work for this section was begun
in 1951 and construction was completed in 1957. It is to be noted that the
AASHTO design specifications for highway structures for this period (AASHTO,
1953) make no reference to design requirements for resisting lateral loads.
However, the Caltrans Bridge Department design supplement for earthquake loads
(Caltrans, 1949) did require bridge structures to resist earthquake loads of
0.06 times the weight of the structure for bridges on pile foundations as used
for the elevdted portion of 1-880.

The structural configuration of the Cypress Structure consists of a series of
124 reinforced concrete transverse bents which support longi tudinal cellular box
girders that carry the road deck. The box girders vary from 71 to 90 feet (22
to 27 m) in length by 55 feet (17 m) wide and are integrally cast flush with
the tops of the bent girders as shown in figure 3. The road deck has a
relatively uniform weight of approximately 8 tons per foot (230 kN/m) along the
longitudinal direction, which can be used to determine vertical and inertially
induced loads to the various bent~.

There were 11 distinctively different bent configurdtions used on the Cypress
Structure, but only three primary types yere present in the majority of the
collapsed section, which extended from the first expansion jOillt north of Bent
63 at 18th Street to just short of Bent 113 at 34th Street. The total length
of the collapsed section was 3970 feet (1210 m), contrary to the 1.5 mile (2.4
kIn) figure commonly quoted in the media follOWing the quake. The three
pr~dominant bent configurations are shown in figures 3 through 5 and are labelled
as Type 1, 2, and 3 bents. A fourth type, which was similar to the Type 3 bent
but yith an additional support column for the first level and prestressing for
the upper bent girder, is shown in figure 6. A fifth variant, similar to a Type
2 bent, but with a cantilevered detail for the lower level girder, is shown in
figure 7.

There are several characteristics common to most bents for the Cypress Structure.
In all cases the lower portion of each bent, comprising two vertical support
columns and a horizontal (some were superelevated) connecting girder, was
designed to achieve a moment resisting connection between the columns and girder.
The columns generally measured 72 inches (1.83 m) deep by 48 inches (1.22 m) wide
and were heavily reinforced with 44-#18 Grade 40 longitudinal reinforcing bars.
Contrasting this massive axial reinforcement, #4 bar rectangular ties with 90
degree hooked ends were provided on 12 inch (310 mm) centers as lateral
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confinement. The columns were supported by a 36 to 54 inch (0.91 to 1.52 m)
thick reinforced pile caps which in turn were cast on top of driven pile
foundations.

Type 1 bents, which comprised more than half of those in the collapsed section,
were designed similarly to the lower bents, that is, moment resisting connections
between the columns and cross girder, and pinned connections at the base of both
columns. The upper columns were tapered from 48 inches in width at the top, to
accommodate girder reinforcement, to 36 inches (910 mm) at the bottom with a
constant 48 inch section depth.

Figure 8 shows a ground-level view looking northward from Bent 86 on the west
side of the expressway. All of the bents visible in this photo were Type 1 which
invariably exhibited a symmetrical failure with both upper columns shearing free
at their base and being splayed outward as the upper deck fell. The timber posts
visible beneath the lower deck were installed by Cal trans under each bent to
insure that there was no subsequent settling of the structure during rescue
operations. Further evidence that the upper deck fell nearly squarely on the
lower deck with no significant sidesway is shown in figure 9 which is looking
northward from atop Bent 80.

Figure 10 shows a closeup of a Type 2 bent failure in which the eastern half of
a series of three-hinged prestressed bents collapsed, due to shearing failure
at the base of the east column, leading to a rigid body ~o~~t~un of the upper
deck about the western, two-hinged columns. As can be seen, the western column
shear keys did perform as hinges even under rotations sufficient to cause
compressive spalling on the interior face of the columns (fig. 11).

Interstate 280

Aside from the damage to 1-880, structural damage at four other locations are
shown in figure 12.

Interstate 280 (1-280) traverses the southern part of San Francisco from west
to east and proceeds in a northern direction along the eastern shoreline. The
highway was named the Southern Freeway when it was designed. The portion south
of Army Street was designed according to the 1961 AASHO Specifications (AASHO,
1961), and the portion near Sixth Street was designed according to the 1965
AASHO Specifications (AASHO, 1965). Damage was observed at two locations:
several blocks south of Army Street and at the Sixth Street ramp (see fig.12).

Figure 13 is an aerial view, looking south, of 1-280 south of Army Street. At
this location a two-level elevated highway (to the south) transforms into to a
single level divided highway (to the north). In addition, there is an exit ramp
for the lower level northbound section. Damage was observed at Bent numbers
48, 51, and 52.

Figure 14 is a schematic elevation view (looking north) of Bent 48. The top
girder is post-tensioned and supports at the columns are designed as pinned
connections, with details similar to those used on 1-880. The column
reinforcement includes #18 longitudinal bars and #4 ties at 12 in. (0.30 m)
spacing. The damage occurred at the top of the west-side column. Figure 15
shows the nature of the damage, which appears to be a combination of diagonal
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tension failure and splitting parallel to the longitudinal column steel. Note
that the girder is permanently displaced toward the east.

Figure 16 is a schematic elevation view of Bent 52. The configuration of Bent
51 is similar. The upper, post-tensioned girder is monolithic with the column
on the west side and is supported as a pinned connection on the east side.
Figure 17 is view (looking south) as seen from the lower northbound lanes; the
upper girder of Bent 52 is in clear view. Damage occurred to the east-side
columns of Bents 51 and 52 at approximately the elevation of the roadway. Figure
18 shows the damage in Bent 52 as it appeared on the northern column face. The
damage in Bent 51 was similar.

Some minor damage occurred due to pounding. It is seen in figure 13 that where
the roadways become side-by-side, the columns supporting the upper roadway are
close to the lower roadway of these columns which support the upper roadway was
damaged due to pounding with the lower roadway, as can be seen in figure 19.

The complex geometry of this portion of 1-280 is likely to be a ff.ctor in
explaining the causes of the damage. Figure 20 is a schematic to illustrate
the changing structural configuration as the highway changes from a two-level
elevated structure to a single-level divided structure. In part (c) of the
figure, a tall structure is connected to a short structure. The natural period
of vibration of the short structure is shorter than the natural period of the
tall structure. Hence it is likely that at some time during the shaking, the
roadways were moving in opposite directions. This would lead to high lateral
forces at the junction of the two structures, which is consistent with the
location of the observed damage. lJhere the two roadways are completely
separated, as in figure 20(d), motion in opposite directions would lead to
pounding as was observed.

The other damage to 1-280 was observed at the Sixth Street ramp, where the
highway crosses China Basin. Figure 21 is an aerial view of the site showing
the elevated exit ramp crossing over the main highway. Figure 2~ is a ground
level view (looking west) showing the exit ramp above the northbound lane of 1
280 exit. The photograph was taken several weeks after the earthquake, and
wooden cribbing was being positioned to provide temporary support. The exit ramp
is typically supported by a single pier except at this location, where it is
supported by a bent (number N-35). The supporting structure for the high-level
ramp is attached to the lower highway in a manner similar to that shown in figure
20Cc), i.e., one column is part of the bent for the main roadway, and the other
column is free-standing. Damage occurred in the girder supporting the ramp.
Figures 23(a) and 23(b) show the nature of the damage on the eas~ side and west
side of the bent, respectively. On the east-side, diagonal cracks developed in
the girder with a major crack running diagonally across the corner. On the west
side, many cracks developed toward the corner.

Embarcadero Freeway (1-480)

The Embarcadero Freeway (1-480) is a two-level elevated highway which provides
the Financial District with access to the San Francisco-Oakland Bay Bridge.
According to the as-built drawings supplied by Caltrans, the freeway was designed
according to the 1953 AASHO Specifications (AASHO, 1953). Figure 24 is an aerial
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view of the portion of 1-480 north of Kission Street.
Building is east of the freeway.

The historic Fer.-y

Figure 25 is a ground-level view looking north a] ong the west side of the
freeway; Bent 76 is in the foreground. The vertical metal covers which can b~

seen at the top girder-column joints protect restraining tendons which were added
during the earthquake upgrading in 1972. The observed damage occurred at the
lower gird~r-column joints in bents lucated north and south of Kission Street.

Figure 26 shows the configurations of the bents to the north and south of Kission
Street. As can he seen at the bottom of the aerial photo~raph in ff.gure 24,
the Embaccadero Freeway undergoes a transition in width south of Kission Street,
and this is the reason for the different bent configurations. For the wide
portion of t.he freeway, the upper girder is post-tensioned and supported on
pinned joints. A detail similar to that used in the design of 1-880 was used
for the pinned joints. Likewise, for bents with post-tensioned ~irders, column
segments were pinned at both ends on one of side of the bent. The predominant
damage was in the form diagonal cracking within the lower girder-column joint,
as indicated by the heavy lines in figure 26. This indicates that the weakness
of the Embarcadero Freeway is similar to that of the collapsed portion of 1
880. In no cases were the cracks as severe as those observed in the columns of
J-280.

Figure 27(a) is a r.lose-up view of the damaged joint 0n the west side of Bent
78. Cracking was observed in the joints at both sides of the bent. Diagonal
cracks in the joint were in the opposite direction to those at other joints on
the west side of the bents. On the south face of ~he column in figure 27(a),
the cracking was more severe and some of the concrete cover had spalled. Figure
27(b) is a close-up view of the joint of Rent 79 on the east side. This was
the most severe damage observed on the east side of the freeway.

U.s. Highway 101

The northernmost portion of U.S. 101 (originally named as the Central Viaduct)
was designed according to the 1953 AASHO Specifications (AASHO, 19~3). This was
the last sectlon of the highway to be built and ext(mds from South Van Ness
Avenue to Turk Street. At the southern end, U.S 101 is a divided, elevated
highway. It undergoes a transition to a two-level elevated highway as its
direction changes from east-west to north-south. At the sou~hern end near Van
Ness Avenue, the concrete roadway is supported by a steel frame. From north
of Kission street, the roadway is supported by concrete stru~tures.

One block south of Hayes Street, the highway becomes two lanes in each direction.
At Bent 40, the roadway widens to accommodate additional lanes in the future.
Damage was observed in the widened, elevated section at Bents 42 and 43, which
are located north of Hayes Street. These are shown in figur~ 28, a view of the
east side of the highway. Figure 29 is a schematic of the configuration of Bent
43 where serious damage was observed. The configuration of Bent 42 is similar
to Rent 43 except that the bent is skewed to the diLection of the roadway. The
design was similar to the other elevated highways built in the mid 50's. The
post-tensioned girders are supported on columns with pinned connections.
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Figure 30(a) is close-up view of the east-side column of Bent 42. A series of
diagonal cracks occurred at the middle of the column, and finer cracks developed
at the top of the column inclined in the opposite direction. The more serious
damage was observed at Bent 43. As shown in figure 30(b), extensive diagonal
cracking developed just above the roadway.
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riaure 1 General loeation of brielse anel viaduet in the San Franebeo bay area
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Figure 2 Map depicting the location of the collapse of 1-880
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Figure 10 Failure of Type 2 bents
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Figure 11 A close-up view of failure of Type 2 bents
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Figure 12 Location of damage to elevated highway structures
in San Francisco
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Figure 13
Aerial view of 1-280 sou~h of Army Str~e~
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Figure 14 Schematic elevation view of Bent 48 of 1-280

Figure 15 Damage to west-side column of Bent 48
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Figure 16 Schematic elevation view of Bent 52 of 1-280

Figure 17 View looking south on 1-280 showing
the upper girder of Bent 52
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Figure 28 View of east side U.S. 101
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SAN FRANCISCO DOUBLE-DECKERS 
OBSERVED DAMAGE AND A POSSIBLE RETROFIT SOLUTION

MJ. Nigel Priestley (I)
Frieder Seible (I)

Preseotin& AuJbor: MJ.N. Priestley

INTRODUcnON

San Francisco is unique in the seismically active regions of the U.S.A. in its extensive use of
double-decker freeway viaducts. As well as the 1-880 Cypress Viaduct on the Oakland side of San
Francisco Bay, where collapse has been well documented, there are several double-deckers of
considerable length on the San Francisco side of the bay. 1l1ese include the Embarcadero Viaduct
(1-480), Olina Basin/Southern freeway Viaduct (1-280), Terminal Separation (I-801480), Central
Viaduct (Highway 101), and the Alemany Inten:hange (1-2801Hwy.10l). Typically the stroctures arc
long (up to 50 spans) with complex geomelJ'y including many on and off ramps, changes from
single-deck to double-deck. and in cases triple-deck, significant horizontal curvarure, and variable
foundation conditions. Superstructures are generally supponed by cap beams and rectangular
columns. In many cases the columns are outside the width of the superstroctures, and on occasions
geometry associated with ramps or separations results in cap beam outriggers of considerable length
and flexibility.

Ramps are often supponed on single-column bents formed of rectangular section, with
transvers..: section dimension sub:;tantially greater than longitudinal dimension. TIle column base
detail features a connection to the fOOling intended to act as a hinge longitudinally, but to be moment
resisting transversely.

Rather than attempt a 'broad-brosh' overview of observed damage and possible repair and
retrofit strategies, this paper will concentrate on the characteristics of typical double-decker ponions
of the viaduct. which represent some 75% of the struc~res. lbis should not be taken 10 indicate that
major problems are not apparent elsewhere. One area of particular concern is the strength and
ductility of knee joints resulting from connections between columns and long outriggers. Some
aspects of the transverse response of these regiorul have been considered in a companion paper to this
workshop [Ref. 1]. Joint shear strength is generally inadequate, and flexural and shear capacity of the
cap beam are also suspect A prime reason for this is the allocation of flexural strength on the basis of
a low estimate of lateral seismic force inherent in the elastic design philosophy current in the 1950's
and 1960's. with the result that longitudinal reinforcement is often prematurely tenninated causing
unexpected sections to become critical under seismic response.

A fut1her concern with these outriggen is the torsional capacity under lon~tudinal response.
Typically the torsional strength is considerably lower than that required to develop the moment
capacity at the top of the column. Torsional hifl8in& of the cap beam can thus be expected wirh great
loss of stiffness, and perhaps wirh a loss of capacity 10 support gravity loads.

OBSERVED DEFICIENCIES IN THE REGULAR DOUBLE-DECKERS

Structural Dcscdptjon

Figure 1 describes the typical stNcture considered in this paper. The double«d
superstrUcture is comprised of. multi-oeU reinforced concrete box girder, typically about 4'-6" to
5'_6" deep. Bents support the superstnacture It spans 1hal vary. but are typically in the 70-100 1\ span
range. Superstnleture width also varies, typically within the range of4().70 ft.

(I) Professor of Suue::turaJ Engineering, University d c.aifomia. SIn Diego. USA
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The superstructure frames iDlo a cap beam which is deeper than the superstructure. with seclion
dimensions about 4 ft wide by 8 to 9 ft deep. The lower cap beam has a moment-resisting connection
to the outer columns. which may be partly under the superstructure. or wholly outside it. For wide
superstructures, there may be a third (central) column supporting the lower deck, where local
geometric constrains pennil. The lower cap beam is reinforced with mild steel reinforcement. The
upper cap beam has to span the entire superstructure width. and for this reason is prestressed when
supcn;tructurc width is high.

Columns are of rectangular section. typically about 6 ft x 4 ft in section for the lower column.
of~n reducing to about 4 ft x 4 ft for the section between the lower and upper decks. Longitudinal
reinforcement is generally _18 bars with reinforcement ratios that are frequr.ntly 4-5%. and on
occasions as high as 8% Transverse reinforcement is inevitably N4 peripheral tics at 12 in. centers,
though occasionally one central cross link is provided a the center of the long side.

The columns are pinned to foundation pads supported by piles. The intent of this detail is lO
reduce t.;c moments required to be supported by the foundation structure. The pin detail is achieved
by reducing the effective section at the base by a ring of flexible material and tennination of the
longitudinal column reinforcement at the base. Shear transfer at 1ty, base is assisted by a small
number (typically four 4HO bars) of centrally located reinforcing bar dowels. As noted earlier, the
lo'Wer cap beam is designed with a moment-resisting connection to the lower column. As
subsequently noted, this connection is generally inadequate. No special joint shear-reinforcement is
provided.

Where the columns frame inw the upper cap beam, again a pinned connec!jon. similar to that al
the column base. is often adopted. This is always the case where the upper cap beam is prestressed.
in an attempt to minimize column moments inrl:.ced by creep and shrinkage. For the same reason, a
hinge is placed in one of the two upper columns adjacent to the lowcr cap beam. as indicated in
Fig. 1. ShoneI' cap beams are generally conventionally reinforced, with moment-resisting
connections at the top of the columns. Complete reinforcement details are provided in (Ref.1].

Transverse Response

Transverse response requires a load path from superstructure inertia force into the cap beam by
essentially diaphragm action. Bending moments and shear forces are then induced in the cap beam
and column. The expected level of base shear necessary 10 assure elastie response under the design
level of excitatjon is approximately 1.0 g to 1.25 g. No parts of the transverse load path are strong
cnough 10 suppon that level of response. and it remains 10 determine which are the most critical
clements.

(j) Columns

It is natural to look first at the columns. flexural strength may correspond 10 force-reduction
factors. related to the elastic response level, of R = 2 to S. Expected ductility demand may be higher
than this because of the potential for developing a soft-story sway mode. Although these levels of
ductility can be sustained by well detailed columns. the • ery low transverse reinforcement ratio
(typically Ps ~ 0.(015) means that no effective confinement can be achieved. and ductility will be
limited to that of an unconfined section. A conservative limit of J.l =1.5 has been used in assessing
the ductility capacity of these columns. though leSt results indicate that J.l ~ 2 should be achievable.

Shear capacity of the columns is even more suspect. We may assume the shear capacity of the
columns to be comprised of additive concrete and steel truss components given by

~Vj=Vc+V.=Vcbd+ S (I)

where v c: is the nominal shear strength of the concrete shear resisting mechanisms. b and d are the
column width and effective deplh. and Av is the area of shear reinforcement, of yield strength fyat
vertical spacing s.
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Recent tests described in a companion paper [Ref.2) indicate that Vc may be conserntivcly
taken as 3.~ (PSi). Using this figure, and assuming f 'c = 5000 psi, the shear strength of a 6 ft x
4 ft column reinforced with two 14 legs al 12 in. centers could be Vi = Vc + Vs = 600 + 80 = 680
kips. This is generally less than the shear corresponding to development of flexural strength,
indicating that shear failure may be expected. It should also be noted that if the shear strength as
calculated above exceeds flexural strength, shear failure may stiD develop. sincc the value of Vc will
decrease as the ductility increases.

The prevalence of shear failures. or incipient shear failure in many columns during the Lorna
Prieta earthquake support these calculations.

Where one upper column is pinned to the lower cap beam. as shown in Fig. I, for example, all
lateral resistance may be provided by the moment capacity at the base of the opposite column.
Typically. ductility capacities of 6 to 9 would be required ur.der the design level eanhquake. and no
redundancies exist in the load-path from upper deck inertial response down to the lower level
column.'l.

lij) Cap beams

When cap beams arc fixed to columns above and below, moment equilibrium at the joint
requires the cap beam to support higher moment than the columns, as shown in Fig. 2. However,
inspection of the reinforcement details in the cap beam at the wlumn facc invariably im:icate that the
flexural reinforcement, again typicaDy .18 bars, provided irs the cap beam win result ',n a moment
capacity much lower than for the lower column. As shown in [Ref.ll. top reinfor:-<::rr!p.nt may be
adequately anchored by a 90° bend toward the outer edge of the joint region. but bottom
reinforcement is only anchored by a short (3-5 fO straight extension into the joil~t. TIle bottom
reinforcement is particularly ili..~equate in both reinforcement area. and anchorage length, and the
position moment capacity may correspond to elastic force reduction factors as high as R = 12 or
more. Top reinforcement provides a negative moment capacity that corresponds to R values in the
range 6-10. Sincc the cap beams are not detailed for flexural capacity, it is clear that their capacity
will be suspect. Bond failure of the bottom reinforcement. with a possible reduction of shear capacity
at the critical column face. is expected at an early stage of response. Again this is supported by
observed damage in several of the San Francisco viaducts.

fiji) Column-cap beam joints

It is now well established thai joint shear strength inadequacies contributed to failure of U1c
Cypress Viaduct. High venical and horizontal shear forces are induced in the joint region if adjoining
members have sufficient integrity to develop their flexural strength. Because of a lack of
unde~tandingof joint-shear mechanisms when the viaducts were designed, they have vinually no
shear reinforcement to assist in supporting these joint shears.

Thus it is seen that all elements of the transverse load-resisting mechanism are substandard. In
addition, shear connection at the top or bottom column pin joints are suspect under uplift seismic
reactions, and in some cases the lateral capacity of the piles supporting the fastings may be inadequate
to support the column shear forces.

Lon&iwdjnal Response

The longitudinal response of a multi -bent section of double «eker freeway is somewhat more
complu than the transverse response. The mechanism for transfer of superstrocture inertia force to
the ground involves longitudinal bending of the supersln1ClUre deck girders. torsional bending of the
cap beam. and flexural and shear action in the column.

Again the cciumn capacity, though too low for elastic response. is generally higher than that of
otherelemenlS and mechanisms on the toad path. The superstructure longitudinal moment capacity is
typically less than the columns. partic;ulady on the positive-moment side of the cap beam, where only

-14]-



UPPER COLUMN, ~._~

c:::::= -hinge

~
l- Il- .
~ M

b I
JI--I ~- /I
1:-' IM, II

~l"oo-I--~i
1--

J ~I--""
I

I .-I...--~

-- l".IIII T
l..oIl l".IIII'" ,

I
1-,

I ~

1'-._.1

LOWER COLUMN

fl&..J Lower Joint SebmIc Moment Demands

--144 -

CAP



nominal reinforcement is carried from the soffit slab into the cap hearn. Consequently, extensive
positive -moment cracking can be expected soon after the dead-load negative moment has been
equilibrated by the seismic moment

It will be appreciated that, with the longitudinal deck girders developing moments of opposite
sign on opposite sides of the cap beam. the rotational flexibility of the cap beam may be such that
only comparatively small moments can develop in the girders, particularly those most distant from the
columns. If the superstructure girders are capable of developing adequate moments. and the cap
beam is stiff enough torsionally to resist them. then the weak link on the load path would appear to be
the torsional capacity of the cap beam, which does not contain reinforcement specifically designed for
torsion.

Weaknesses in the cap-beam/column joint region. and the column itself. are similar to those
pertaining for transverse response.

It is generally considered unacceptable to allow plastic hinges to fonn in superstructure girders.
In order to investigate the propensity for superstructure hinging, and the ability of the cap beam to
transmit superstrueture forces by torsion, a series of analyses of a superstructure/cap beam/column
superassemblage. as illustrated in Fig. 3. were carried out.

Two models were used, each representing a typical cap beam. and that portion of superstructure
for one half span on either side of the cap beam. TIle first model. based on a grillage analogy, is
shown in Fig. 3a. Each deck girder, including tributary deck and soffit slab areas. was modeled
longitudinally by grillage members. representing flexural and torsional stiffness of the deck.
Transverse linking members represented transverse stiffness characteristics of the superstructure. A
single member running transversely represented the cap beam. A more sophisticated three
dimensional finite element simulation [Ref.3]. shown in Fig. 3b, was used to verify the simpler
grillage analogy. which was used for the majority of analyses.

Each model was supponed vertically at each girder locations at the midspan, as shown in
Fig. 3. and the cap beam was supported at each end. Loading was provided by a torque of arbitrary
value 10.000 kip ft applied at each end of the cap beam, simulating moments induced by longitudinal
bending of the columns, which were not directly modeled in the analysis. The purpose of the
anl\lYses was 10 investigate the distribution of cap beam torque and longitudinal girder moments that
would exist in conjunction with the cap beam end torques.

The two models gave essentially identical results. for a test case, verifying the validity of the
grillage analogy. Figure 4 shows results for the transverse distribution of girder moments and cap
beam torques resulting from the two analyses (grillage:;; CALSD; 3DFE :;; NOBOX) based on
WlCracked gross-section stiffnesses, and also for a second case wher~ the cap beam torsional stiffness
was reduced to 20% of gross stiffness to mood the effect of expected torsional cracking of the cap
beam.

Figure 4 confirms the similarity of results between the 3DFGE and grillage analogy. The girder
moments (Fig. 4a) are shown in bar-ehan fonn, with each bar representing the moment in a
longitudinal girder on Wlt side of the cap beam. 1be girder on the same line on the other side of the
cap beam has an identical seismic moment. It will be seen that the ouler girder moments are a
maximum, with the central girders n:sisting very little moment, because of the torsionW flexibility of
the cap beam. This is particularly apparent for the case where the cap beam is cracked. where the
outer gi:ders G-] and G-7 each have longitudinal moments of 3800 kip ft, indicating thal76% of the
end cap beam torque is induced by bending of the outer girders. Figure 4b, showing cap beam torque
with distance form the cap beam (diaphragm) center line. presents the same infonnation in different
fonn.

As a consequence of cap-beam nexibility. damage to outer superstructure girders can be
expected at an early stage of longitudinal response. If these girders are capable of ductile plastic
hinging, adjacent girders would stan to develop higher moments, involving higher cap beam torques.
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However, cap beam torsional capacity is typically less than 20% of that corresponding to a system
ductility of about Jl = 4. Funher, IOrsional hinging is not an acceplable means of dissipating seismic
energy, since after torsional cracks develop, the available strength provided by existing reinforcement
is less than the cracting torque, and the shape of IOrsionaJ hysteresis loops is extremely poor.

A RETROFIT STRATEGY

The arguments presented above indicate widespread areas for potentially unsatisfactory
perfonnance during seismic attack. Initial attempts to rand retrofit solutions concentrated around
increasing the ductility capacity and shear strength of columns under trans\'erse response, typically by
a variety of different methods of steel jacketing. As well as the oval-jacket retrofit, which has proved
to be very effective in tests and is discussed in a companion paper [Ref.2], retrofits using various
methods of stiffened rectangular jackets were proposed. Tests at the University of California,
San Diego found these to be largely ineffective.

It was soon realized that these early retrofit solutions did not address most of the critical areas.
such as inadequacy of cap beam flexural strength and column/cap beam shear strength under
transverse response, and inadequacy of cap beam IOrsional strength. longitudinal girder flexural
strength. and joint capacity under longitudinal response.

Current retrofit solutions for the regular double -decker portions of the viadu~ts are based on
variations of the scheme summarized in Figs. 5 and 6.

T@Qsverse Retrofit

To improve transverse response, the existing columns and joint connections to the lower cap
beam will be removed and replaced by ductile circular columns or rectangular columns with
intersecting spirals for confinement designed for high ductility capacity. The end region of the cap
beam will be strengthenOO by adding additional width to the lower region, with significant amounts of
longitudinal reinforcemenllO bring the positive moment capacity up to the existing negative moment
capacity. Additional moment capacity is provided by cap beam prestressing anchored beyond the
column. This increases the moment capacity to the level where either cap beam ductility
requirements are reduced to an acceptably low level (about 11 =3), or, preferably, hinging is forced
into the ductile columns. It was found to be necessary to remove the existing columns and joints
because of difficulties in assuring satisfactory joint shear performance with existing details. No
convincing retrofit strategy could be developed for the joints without total replacement This was
partly the result of uncertainties associated with methods of splicing lower and upper column
longitudinal reinforcement within the joint.

The longitudinal prestressing in the cap beam provides a secondary function of helping to :'P.sist
cap beam vertical shear force at the colwnn interface. in the event that high ductilities an: required oi
the cap beam.

A vari..:.ion of this transverse retrofit strategy would use an all-mild steel solution rather than
me partially prestressed mf:thod described above. In this case. the cap beam must be widened and
strengthened over the whole width. With the partial preSU'eSS solution. strengthenilll of the cap beam
is typically only required over the end 10 ft. Over the rest of the span. the cap beam prestressing is
external to the beam, running in a grouted galvanized duet for conusion protection, and thus
enhancing the strength as with an unbonded internal tendon.

Loneiwdjpal Retrofit

In the longitudinal direction. the main concern is 10 reduce the level of cap beam torsion and
longitudinal deck girder moment. To this end. new 'aupellirden' will be placed between existing
columns in the longitudinal direction, IS shown in Fig. 6. These may be precast and lifted into
position. or oonstructed in situ. The design requi~ment for the aupellil'ders is that their flexural
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strength exceed that of the new columns by a sufficient margin to ensure that plastic hinges will fonn
in the columns. As a consequence. the torsional rotations required of the cap beam will be small.
since au inelastic rotation occurs above or below the cap beam.

Although the supergirders have lower stiffness than the existing superstructure girders, their
location in the same longitudinal plane as the columns makes them effectively stiffer than the existing
deck girders which are connected to the columns through the torsionally flexible cap beam.

To confinn this assumption. additional grillage analyses were carried out using th,~ model
described in Fig. 3. with '.IC addition of longitudinal supergirders outside da:k girders G-l a:1d G-7.
Results are shown in Figs. 7 and 8 for the analyses based on uncracked and cracked C.lp-beam
torsional stiffness. respectively. In Figs 7a and 8a. R-l and R-2 refer 10 the supergirders. It will be
seen that the deck girder moments and cap beam torques are substantially reduced by the inclusion of
the supergirders. In the worst cast. based on uncrack.ed cap beam properties (Fig. 1). the supergirders
take 72% of the column moment. with the edge deck. girder moment reduciug to about 7% of column
moment. Cap beam torque is reduced to 28% of the value without the supergirders.

Figure 8. based on cap-beam crack.ed-section propenies. shows even more dramatic
improvement. with the supergirders supporting 88% of the column moment. the edge deck girders
moment dropping to 5% of column moment. and cap beam torque reducing to 12% of the value
without the supcrgirders. Actual response is likely to be intennediate between these figures. since the
levels of torque predicted in I-ig. 7 are still sufficient to induce torsional cracking.

It should be noted that with the adopted philosophy of weak column/strong supergirder for
longitudinal response, the torsional moment induced in the cap beam depends on the uue cap beam
stiffness. but the torsional rotation is almost independent of the cap beam stiffness. since the joint
rotation is effectively dictated by th~ supergirders. As a consequence. any uncenainty about the
strength and stiffness of superstmcture and cap-beam become largely irrelevant to the longitudinal
seismic perfonnance.

Again. variations in the supergirder concept are being considered for different viaducts. In situ
versus precast concepts are being considered. and the relative merits of completely isolating the
supergirder from the deck girder. or joining by a deck slab extension are still under discussion.

PmofIestiol of Retrofit Schemes

Itt order to verify the concepts described above for bringing the potential seismic performance
of the San Francisc.Q double-deckers up to lhat expected for new bridges. plans are being fmalized for
testing two large-scale models; one at U.C. San Diego and one at U.C. Berkeley. 1bc structures. built
to approximately half scale. will represent a two-level column and lower cap beam and half a span of
lower declc superslJUCture on either side of the cap beam. Only that ponion of superstJUeture from the
column to the center of the cap beam will be modeled. Figure 9 shows a schemalic of one of the
models with the intended loading system which will ensure accurate representation of both
longitudinal and transverse response. It is intended that the models will be tested under longitudinal.
transverse. and simultaneous longitudinal and transverse response.

Two different schemes will be investigated. One win have a partial prestress design for the cap
beam retrofit; the other will have an in situ supelJirdcr conneacd to the existing superstructure. One
will represent an end cormection between a supergirder and column; the other will represent an
interior connection. with supergirders on either side of the column.

Construction of the models is expected to start early in 1991. with completion planned for
July 1991.
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DISCUSSION AND CONCLUSIONS

Design of the retrofit strategies for the San Francisco double-decker viaducts has proved to be a
complex task involving many iterations before acceplable solutions have been developed.

Although the need for improving strength and ductility under transverse response is obvious,
and the sulutions adopted are comparatively straightforward. it is the longitudinal response that has
proven to be most difficult to improve. Despite the conclusions from calculations which indicate that
the viaducts are much weaker longitudinally than transversely. there was no evidence of damage
resulting from longitudinal response of the viaducts to the Lorna Prieta earthquak..:. except for minor
pounding damage at movement joirllS.

It appears possible that this lack of damage is the result of the length of the viaducts. and the
difficulty in developing longitudinal resonant respo~. During an earthquake. structures of the
length of these viaducts (up to 2 kIn in length) will be subject to non-cohesive excitation at the
individual foundations. The presence of movement joints and superstnlcture flexibility will allow
segments C'f the viaducts to move relative to each other and stiU develop resonant response. The
)ongitudill.ll stiffness of the superstructure will prevent this occumng in the longitudinal direction.

full longitudinal resonant response could only develop with a perfectly straight bridge on
perfectly uniform ground conditions subjected to a perfect shear wave excitation traveling exactly
perpendicular to the axis of the bridge. This is of course impossible. and sections of the ground at one
pan of the viaduct will be moving out of phase with other parts. Since the seismic wave length is
expected to be of the order of 5 10 10 spans. this out of phase response could develop ovc'
comparatively shon distances along the bridge. 1lIe resultarll attempt of different sections of thl
bridge to respond in different directions can be expectcd to cause an interaction reducing seismic
response in the longitudinal direction. If such a hypothesis is valid. it could be argued that
longitudinal strength is unimportant, and it would be sufficient to retrofit the bridges longitudinally to
sustain the relative out-of-phase motion of adjacent segments. or frames of superstructure separated
by movement joints. In such a retrofit strategy. increased importance is placed on the restrainers
connecting adjacent frames across movemertt joints.

Because of uncertainties and lack of relevant research on this phenomenon of non-cohesive
response. it has not been adopted for the rettofit solution to the San Francisco double-deckers. and the
more conventional solution described in detail above has been adopted.
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FULL-SCAlE TESTS ON THE CYPRESS VIADUCT
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SUMMARY

The lorna Prieta earthquake eX OCtober 17, 1990 damaged several reinforced
concrete double deck freeway structures in the san Francisco Bay Area The most severe
damage occurred in Oakland, where a 3/4 mile long portion eX the Cypress Street viaduct
on Interstate Route 880 collapsed. Following the earthquake, a series of field experiments
were carried out on an undamaged portion eX this viaduct. Results Of low amplitude forced
vibration tests and eX destructive, static lateral load tests .-e reported in this paper. Tests
were performed on the test structure in its original configuration as well as after the
installation Of one Of three different retrofItS. Implications Of these tests to the evaluation
and retrorlt eX other freeway structures is discussed.

INTRODUCTION

The Cypress Street viaduct was a double deck portion of Interstate 880 located in
the westem part of Oakland, California During the OCtober 17. 1989 Lorna Prieta
earthquake the upper deck of the viaduct suddenly collapsed onto the lower deck (Fig. 1)
over about half Of the viaduct's 1.5 mile length, resulting In 41 fatalities and scores of
injuries. The urgent need to repair and reopen six other damaged double deck structures
in the Bay Area led to the development eX a field study on the capabilities of various retrofit
techniques. A 170- ft. long segment of the Cypress Street viaduct, virtually undamaged by
the earthquake, served as the platform lor these studies. The objectives of the field test
program were to identify the primary structural deftciencies that led to the viaduct's COllapse
and to evaluate the efficacy of several retrofit techniques being considered lor application
to the other damaged viaducts. The results eX these t8S:s and of subsequent analyses are
summarized in this paper. Additional Information may be found in Refs. 1 and 2.

DESCRIPTION OF TEST STRUCTURE

The Cypress Street viaduct was designed in accordance with 1953 AASHTO
specifiCations. and construction was completed In 1957. The roadway structure consisted
of multi-cell reinforced concrete box girders supported on either reinforced concrete or
combined reinforced/prestressed concrete bents. Figure 2 Illustrates the most common box
girder cross section and supporting bent elevation. The typic.al box girder had a width of
52 feet and a span of approximately 70 leet. Deck expansion joints (previously retrofit with
cable restrainers) were provided typically every third span.

The typical bent shown in Fig. 2 consisted eX reinforced concrete bent caps framing
rigidly into reinforced concrete COlumns. The upper columns were connected at their base
to the lower bent cap through Z7 in. tall pedestals. Hinged joints were provided between
the pedestals and upper level columns. The columns In the lower level were also connected
through hinged joints to reinforced concrete pile caps and piles. Bents 01 different
configuration also were used along the length eX the viaduct, primarily at locations where

(I) Profs. eX Civil Engineering, University eX CallIomia, Berkeley.
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ramps entered and exited the freeway. and where ttiG upper and lower decks merged and
diverged at either end of the viaduct length. A complete deSCription Of the viaduct geometry
is presented elsewhere [3].

Concrete in the structure was specified to be normal weight with a design working
stress of 1250 psi. Mild re:nforcement was specified to be Grade 40. Tests of materials
indicated an average concrete compressive strength of 6275 psi and a reinforcement yield
strength Of 43 ksi.

During the earthquake a 3/4-mile length of the upper deck of the Cypress Street
viaduct Collapsed onto the lower deck. The collapse extended from the northern end of the
viaduct to 26th Street, at which location two bents and one deck span remained standing.
and from there south to 18th Street. South of 18th Street, the viaduct sustained visible
damage ranging from none (no apparent cracking) to severe Ooint cracking indicative of
incipient joint failure and possible collapse). Based on damage observations, it appears
that the collapse was triggered by failure of the reinforced concrete section that includes the
lower beam-column joint and the upper column pedestal just above the joint.

A portion of the undamaged viaduct between 13th Street and 14th Street (Le. Bents
45 through 47) was selected for testing. All of the bents within the test structure had the
same geometry and detailing as illustrated in Fig. 2. The test structure included the three
bents plus the upper and lower decks spanning between and cantilevering beyOnd the
bents (Fig. 3).

TEST PROGRAM

The test structure was subjected to a series of tests. These inCluded forced vibration
tests and static lateral load tests. Because of the nature of the observed failures and
because 10ngit'Jdinal bracing was initially planned to be part of the retrofit scheme, tests
focused on the transverse response of the bents. For the dynamic tests, two vibration
generators were fixed to the upper deck. The maximum dynamic force developed in t~e

structure by the generators during the dynamic tests was approximately 150 kips.

For the static tests, steel reaction frames were positioned along both sides of each
bent (Fig. 4). The A-shaped frames were clamped to the lower columns near the pile cap,
extended up through openings made in the lower deck, and supported pairs of hydraulic
actuators that applied load to steel blocks attached to the underside of the upper deck. The
loading system was capable of applying in excess of 4 million pounds to upper level of the
structure. The total weight of the structure was about 5.700 kips.

Dynamic and ~1atic tests were performed on the test structure in its original
configuration and after retrofits had been installed. Preparation for testing began in
mid-November and the site was vacated by the end of December 1989.

Retrofit Systems

Given time constraints, it was necessary to select simple retrofit devices and
systems. These were intended to represent the concept, rather than the detail, of systems
that might be adopted for field implementation. Only "semi-permanent" type retrofits were
considered. Furthermore. the time available for testing precluded consideration of schemes
utilizing reinforced concrete. A different retrofit scheme was selected for each bent. It was
not possible in the time available to completely evaluate the structure and engineer all of
the details for the selected systems, so standard practices were often followed and
emphasis was placed on the region near the base of the pedestals.
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Details of the retrofits are silown I Figs. 5-7. Several common features were
incorporated. For example, each bent cap was externally post-tensioned to help confine
and strengthen the joints and to improve continuity of the bent cap longitudinal
reinforcement. The joints were essentially devoid of transverse reinforcement and the
anchorage length provided for the bottom cap reinforcement was about 18 bar diameters.
The nominal prestress added to the bent caps was about 130 psi. In addition, external
shear reinforcement was added to all of the columns. On Bent 46, the post-tensioning rods
used for this reinforcement were left initially loose so that the shear capacity of the columns
could be determined. Once shear cracks developed, the rods were tightened and testing
continued. Specific details of the retrofits for each bent follow:

Bent 45. -. Bent 45 was retrofit with four steel wide flange sections clamped to the outer and
inner faces of the columns (Fig. 5). On the east side of the structure, thp. outer wide flange
sections were continuous over their full height. On the west side, the outer wide flange
sections ex1ended over the full height of the structure, but they were discontinuous at the
elevation of the bottom of the upper bent cap. The wide flange sections on the inside faces
of the east and west side columns were discontinuous at the bottoms of the bent caps and
at the top of the pedestal in the upper level (i.e., at the columr. hinge). The inside lace 01
the column pedestal was reinforced using a 1-1/4 in. thick steel plate. The wide flange
sections and steel plates were held in place using steel rectangular tubes and
post-tensioning rods. It was impracticable to use sufficient post-tension rods to ensure fully
composite action; a smaller number was selected on the basis of ul1imate load transfer.

Bent 46. -- Four 1-3/8 inch threaded post-tensioning rods were grouted in 2-inch diameter
holes cored through the joint (Fig. 6). The hOles extended from the outer face 01 tile
pedestal (just above its base) toward the bent cap. at a downward angle of 30 degrem~.

The rods \'I!ere installed unstressed.

Bent 47. -- A steel collar was clamped around the pedestal and lower portion of the upper
level column (Figs. 2.16 and 2.19). The cellar was fabricated from 2·1/2 inch thick steel
plates. Two steel flfmges. 1 - in. thick. extended downward from the collar onto the sides
of the lower joint. These side plates were clamped to the joint using longitudinally-oriented.
post- tensioning rods. In addition, one-half inch thick steel plates extended over the fUll
height of the inner and outer faces of the columns in much the same way as did the wide
flange sections on Bent 45. The plates were held in place using st-Jel rectangular tubes and
eX1ernal post-tensioning rods.

Instrumentation

Instrumentation for the forced vibration tests consisted of accelerometers and
seismometers. For the static tests, more than 110 channels of instrumentation were
installed. These included load cells to measure applied loads and forces in selected post
tensioning rods. Displacement transducers were employed to measure global and local
deformations. Strain gages werd attached to some reinforcement in the existing structure
as well as to the steel retrofits. A microcomputer based data acquisition system was used
to record the dynamic and static test results.

ORIGINAL STRUCTURE

Dynamic Tests

The forced vibration tests of the original structure indicated first and second mode
translational periods (frequencies) of 0.42 sec. (2.4 Hz) and 0.14 sec.(7.0 Hz), respectively,
for the transverse direction. Damping was estimated in the first mode to be 2.3 percent of
critical. A linear elastic finite element computer model was developed. This model
represented the structure as being fj)ffld based, and gross section properties were
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considered in modeling of the bent caps and columns. The decks were represented by
shell elements. The computed periods (frequencies) were 0.38 sec. (2.6 Hz) and 0.14 sec.
(7.0 Hz) for the first two transverse modes, indicating that the actual structure was not quite
as stiff as the analytical model. This would be expected as minor amounts of cracking
would likely exist in the actual structure. However, the predicted mode shapes differ
significantly from measured values. This discrepancy appears to be consistent with
movements of the foundations during the forced vibration tests. Since the analytical model
resembles the actual boundary conditions for the static tests, this aspect of the response
was not in ,stigated further.

Static Test Resuits

Three cycles of loading were applied towards the west (Fig. 8). The first cycle was
used to check the loadil'g apparatus and instrumentation, and to measure the lateral
stiffness. A~ seen fr( n Fig 8, the predicted lateral stiffness, based on a fixed base, gross
section model. W3S about 1 % higher than measured. This is consistent with anticipated
effects of pre-existing clac~s In the structure.

During the second cycle cracks were observed to form near the base of the
pedestal on the west side of the structure. The crack pattern was similar to that observed
in the damaged portions of the viaduct following the Loma Prieta earthquake. The cracks
extended from the inside face of the pedestal near its base and ran downward towards the
outside of the column roughly following the projection to the surface of the hooks anchoring
the top reinforcement in the lower bent cap (Fig. 1.5). These cracks formed at a total load
of about 1400 kips and at a displacement of 0.79 inches at the top deck (less than 0.14 %
drift). The pedestals and joints were then clamped to prevent failure and loading was
increased to about 1800 kips without additional damage in the structure.

It should be noted that the orientation of the cracks in the lower JOint was
inconsistent with joint shear, but ratr,er parallels the direction associated with column shear.
The computed shear capacities for the upper columns and especially for the pedestals are
only margi'1ally larger than needed to develop a plastic mechanism in the upper level. The
capacity of the pedestal would likely be reduced due to the splitting action of the dowels
transferri'1g shear across the pin. However, a more likely explanation is found in Fig. 2
where it can be noticed that the upper part of the joint, unlike the pedestal and column, had
no transverse reinforcement with which to resist shear. Thus, shear cracks in the pedestal
would naturally tend to extend down into the joint. Simple design oriented, elastic (lower
bound) estimates of the load needed to initiate inclined cracking in the joint come within 5%
of the measured value. A limit analysis representing the bent following the formation of a
shear failure plane (inclined downward at a 45 degree slope) indicates that the base of the
pedestal would slide downward and outward under the influence of gravity loads alone.

Tests of Bent 46 during the retrofit test phase provide an indication of the actual
shear capacity of the columns. During these tests, the column shear reinforcement was in
place. but not attached. Column shear cracking occurred at a load on the bent estimated
to be 900 kips. It is estimated that the nominal shear stress in the column at the time of

failure was at least 220 psi, or 3.3 f1c. Using current ACI recommendations for axially

loaded elements, one would conservatively predict a capacity of 2.8 f1c. These shears
are almost 100% higher than needed to form a shear crack at the base of the pedestal.

The load needed to initiate a shear crack in the pedestal was about 1400 kips.
Since the upper level weighs around 3300 kips, the shear coefficient for the upper level is
about 1400/3300 = 0.42. If lateral loads during dynamiC response are assumed to be
distributed in a 2:1 (upper:lower deck) ratio, the effective base shear coefficient associated



with the shear failure would be about 0.32. While this value is low compared to today's
criteria. it is much larger than might be expected considering the original design employed
a working stress base shear coefficient of 0.06.

Expected Response During the Lama Prieta Eart~

Precise determination of the response of the viaduct during the Lorna Prieta
earthquake requires consideration of many factors outside the scope of this investigation.
Factors such as traveling waves in the soil and the structure, the variability of the soil under
the structure, alignment variatiOns, access ramps, expansiOn joints and so on would have
to be considered. However, a general idea of the structural vulnerability of the viaduct can
be obtained from a simple elastic dynamic analysis of the test structure in the transverse
direction. For these analyses the input motion considered was obtained during the Lama
Prieta earthquake at the Oakland Wharf, about a mile west of the viaduct. Soil conditions
at this site are similar to those underlying the portion of the viaduct that collapsed.

Calculated upper level displacement and acceleration. base shear and input
acceleration are plotted in Fig. 9. The waveforms indicate that significant response lasted
about 14 seconds. The maximum displacement achieved was 1.29 inches (0.24% of the
total height), maximum bass shear was 3690 kios (56% of the total weight) and the
maximum shear in th upper level was about 2240 kips. These values exceed by about 60%
those needed to initiate a shear failure in the lower joint. While elastic analyses are not valid
once the shear failure occurs, the dynamic response predicts at least 9 excursions beyond
this level. Thus, the formation of this shear cracks would be very likely during the Lorna
Prieta earthquake, and as demonstrated previously, formation of these cracks is sufficient
to cause brit1le collapse of the viaduct.

RETROFIT SmUCTURE

Dynamic Tests

After the retrofits were installed the dynamic characteristics of the test structure were
rraasured again. The forced vibratiOn tests indicate a stifter structure with first and second
mode translational periods (frequencies) of 0.38 sec. (2.6 Hz) and 0.13 sec.(7.6 Hz).
respectively, for the transverse directiOn. Damping was increased to about 4.4 % of critical
in the first mode. The measured mode shape for the first mode is nearly triangular.

Static Tests Results

Static tests of the retrofit1ed structure followed the schematic load and displacement
pattern shown in Fig. 10. The atypical load history involving several cycles in one direction
followed by several in the reversed direction was selected to facilitate completion of testing
within the allotted time.

The retrofits permitted the structure to sustain loads and deformations far in excess
of those develOped by the original structure. The maximum displacement reached by the
test structure was nearly 10 inches (1.8" (\Y9I'a11 drift) which was 12.5 times greater than
could be sustained by the original structure. It COlTesponds to an overall displacement
ductility of about 6. However, loading was stopped at this point because of the extensive
damage and it is unlikely that the structure could have undergone additional cycling at this
point.

The Ioad-displacement relations deYeIoped by the structure were essentially linear
until a load of 3,000 kips was reached. The results Indicate that the retrofits increased the
stlf'fness of the structure about 30 ". Bee. IS8 the change In measured periods would
correspond to about a 20%. increase in period, and the deformed shapes measured by
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static and dynamic means do not match, it is believed that foundation-structure interaction
may have had a significant effect on the response. In addition, it is noted that the
displacements gradually concentrated in the upper level, so that by the end of the test,
more than 90% of the applied lateral displacement developed in the upper level, resulting
in a drift index for the upper level of 3.3%.

The maximum load achieved was slightly in excess of 4000 kips (70% of the w~ight

of the structure). Assuming, as before, a 2 to 1 distribution of dynamic forces between the
upper and lower levels, the force sustained by the retrofit structure were equivalent to a
base shear coefficient of 0.9. This is more thall 2.8 times the capacity of the original
structure.

Lower Joints.•• Significant local damage developed throughout the structure. In spite of the
retrofits. the lower joints all developed inclined cracks similar 10 those observed in the
damaged portions of the viaduct during the Loma Prieta earthquake. These cracks initiated
early in the tests: at a total load of about 1800 kips (Cycle 2) for Bent 45 and 47. They
formed in Bent 46 during the static and dynamic testing of the original structure. These
cracks became more extensive and distinct as testing progressed. generally following the
contour of the hook at the end of the # 18 top bars used to reinforce the lower cap. With
the exception of Bent 46. the inclined cracks in the lower joint only occurred with this
orientation.

The relatively flexible unbonded post-tensioning bars and wide flange sections
clamped to the columns in Bent 45 were unable to prevent these cracks from opening wide.
Because of the relative stiffnesses of the concrete skeleton and lhe steel relrofit, little load
was carried by the external joint reinforcement until the inclined cracks formed. At that
point, the crack opening was controlled by the elastic elongation of the strong, but flexible
(long) post-tensioning rods. Under cycling. damage accumulated in this joint, resu~ing is
substantial spalling and disintegration of the joint by the end of the test.

In contrast, the bonded post·tensioning rods grouted in Bent 46, while not
preventing the formation of the inclined cracks, limited adjacent crack widthS to less than
0.1 inches. By the end of the test evidence of secondary distress was seen relative to
sp311ing of the concrele, loss of longitudinal bar anchorage 2t the base of the pedestal, and
joint shear. These aspects of the behavior were not considered in the retrofit and practical
problems also exist related to coring holes in the heavily congested joints.

The steel collar placed around the critical region in Bent 47 prevented direct visual
observation of concrete cracking during the test. This retrofit emitted loud popping noises
starting in Cycle 2. Based on the computed behavior d lhis joint, it is believed tat the joint
cracked in Cycle 2 and the flanges clamped to the sides d the lower joint began to slip at
the same time. By the end of the test the collar rotated significantly with respect to the
lower joint. The concrete in the joint and pedestal was observed during demolition and
found to be highly cracked or pulverized.

Upper Joints. •• The upper joints were also observed to develop diagonal shear cracks at
an early stage ( Bents 45 and 46: 2700 kips and a upper level drift of 0.47%, and Bent 47
: 1800 kips and a drift of 0.23%). Shear cracking in the joints occurred in an orthogonal
direction dUring load reversals, resulting in a distinct x-shaped cracking pattern. The upper
ioints all eventually began to disintegrate, with cracks as wide as 0.5 inches forming, and
the concrete bulging and spalling from the exposed laces of the joints. The upper west joint
in Bent 46 was instrumented to assess pm rotation. Figure 12 shows the force- rotation
relation. lt can be noticed that the joint deformations are relatively small until a load of 3350
kips is reached. lt can be noted from Fig. 11 that this also corresponds to the load at which
large inelastic deformations begin to develop in the structure as a whole. II appears that
a substantial portion of the apparent ductility of the structure is associated with shearing
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deformations in the upper joints rather than with ductile yielding of the retrofitted portions
of the ~tructure.

The maximum shear stress in the upper joint can be conservatively estimated from
the maximum tensile force that can be developed by the upper bent cap top reinforcement.
During the final stages of testing this steel yielded. Stain gage readings indicate that it
probably did not enter th strain hardening range. Thus, the total joint shear force is
estimated to be about 670 kips. This results in a nominal maximum joint shear stress equal
to 291 psi or 3.7R

Early in the tests the incremental loads in the cap post- tensioning rods varied
consistent with beam-bending theory (i.e. tension forces developed on one side while
compression increments developed on the other). However, as the joints began to severely
crack an disintegrate all of the rods were observed to carry significantly increased tension
forces. In some cases, computed rod forces exceeded their nominal yield capacities. For
example, Fig. 13 shows that the force in the top post-tension rod on the west side of Bent
46 initially develops tensile forces as the bent moves toward the west and compressive
forces as it moves toward the east. However, during later cycles, the incremental forces are
tensile for both directions of movement. Clearly, insufficient confinement and shear
reinforcement has been provided in the upper joint.

Bent Caps -- Bent caps developed f1eYural cracks at their ends. At the top the cracks were
located in the narrow interface between the edge of the deck and the column. The cieck
proved sufficient to suppress any Significant extension of the plastic hinge into the deck.
At the bottom the cracks divided and some inclined away from the column, consistent with
the shear present in the cap. Both top and bottom bars were observed to yield. In some
cases, strains of as much as 2% were recorded. Evidence, however, exists that during later
stages of testing the bond broke down between the concrete and some of the bottom cap
bars. The development length provided for these bars was only 18 bar diameters.

Columns.·· Flexural cracking and yielding were noted in upper level columns just below
the upper bent caps. This yielding initiated during Cycle 9 for all bents. The column bars
exhibited strains in excess of 1.8% in tension and compression during the later test cycles.

The columns in Bent 45 were not able to develop composite action. To develop the
full composite action along the column in the upper level would require development of a
longitLJdinal frictional force between the concrete column and the sleel wide flange sections
equal to about twice the tensile strength of the steel sections, 2370 kips. Assuming a
friction coeffiCient of 0.5 and a prestressing force of 95 kips per rori, a total of 25 levels of
prestressing rods would have been required to develop iull composite action. This is more
than four times the amount actually provided. As a result of this, strain gages attached to
the wide flange sections exhibit highly nonlinear relations starting very early in the response,
even though the maximum strain reached are far less than the yield strains (Fig. 15).
Another aspect of this design is that there is an incompatibility between the ideal deformed
shape of bent and of the steel wide flange sections. The transverse post-tensioning rods
were not able to provide sufficient clamping force to keep the steel and concrete in contact
(Fig. 16). Agi1in, these rods had sufficient strength but not sufficient prestress or stiffness
to control the opening of gaps. Gaps as large as 1/2 inch were observed during the testing.
This resulted in a significant loss of confinement for both the upper and lower joints on Bent
45.

Built-in Pins.•- The buih-in column hinges at the top of the upper level pedestals were
observed to rotate and slip, and splitting cracks started to develop at the tops of the
pedestals. Instrumentation on the pin indicated that the vertical opening was as much as
0.65 inches This was most severe for Bent 45 in spite of the wide flange sections clamped
to the adjacent pedestal and COlumn. HorIZontal slip nearty reached a half an inch.
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OBSERVATIONS

Tests on the Cypress Street viaduct have provided a considerable amount of information
on the behavior of existing and retrofit structures. Based on a review of the experimental
data, the following observations are offered.

1. Failure of the structure on October 17, 1989 can be explained in terms of simple
lateral response of the structure and the limited shear capacity of the short pedestal
supporting the upper column. Conventional engineering design calculations can
be used to identify the failure mode and to estimate the failure load to within 5%.

2. A gross-section computer idealization of the structure overestimates the stiffness
and frequency of the structure. It appears from discrepancies between resuhs
based on forced vibration tests (which include foundation motion) and static tests
(which restrict base movement) that foundation flexibility may also have a significant
influence on dynamic properties.

3. Observed reinforcement anchorage strengths and column shear capacities initially
exceeded values commonly used in design. Whether this is a function of the
design details employed or simply associated with the wide scatter of the results
typically associated with these phenomenon remains the SUbject of future research.

4. External shear reinforcement is effective in enhancing shear capacity.

5. Unbonded reinforcement may be ineffective as a retrofitting tool in certain
circumstances. The difficulty in developing sufficient prestress to maintain contact
or prevent relative sliding between existing concrete and new steel cladding was
evidenced several times in these tests. Once contact is lost, long unbonded
lengths resuh in large cracks, gaps or slips. Issues of deformability should be
considered along with strength in order to control and limit damage.

6. Joints in existing muhilevel and outrigger bents need to be carefully considered.
Ideally, they should be strengthened to avoid inelastic action within the joints.
Failure to do this may lead to rapid deterioration of structural integrity.

7. Evaluation and retrofit of existing bridge structures should look at the structure as
a system. Rather than simply fixing a weak link, the hierarchy of possible inelastic
actions should be identified. Otherwise, one weak link may imply replace another.
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ASSESSMENT AND RETROFIT RESEARCH FOR
MULTI-LEVEL, MULTI-COLUMN BENTS

Stephen A. Mahin (I)
Jack P. Moehle (1)

Presenting Author: Stephen A. Mahin

SUMMARY

.n this paper a number of the factors that should be
considered in the ~valuation and retrofit of multicolumn
reinforced concrete bridor bents are reviewed and illustrated
with specific examples. Issues range from predicting seismic
demand at the global and local levels, to assessing the
strength and deformation capacities of the members and joints,
and to establishing details capable of achieving the designers
objectives. At the end of the paper the scope of a research
program related evaluation and retrofit of mUlti-level, multi
column bents is presented.

INTRODUCTION

Assessment of the seismic vUlnerability of reinforced
concrete bridge structures is a problem that has not until
recently been considered by many designers. The assessment
process is different in many fundamental ways from that used in
the design of new structures. Generally, current codes, such as
those promulgated by AASHTO or JSCE, achieve ductile seismic
behavior in new structures by specifying minimum design forces
for determination of flexural c~pacities, establishing
auxiliary procedures for estimating maximum shears and axial
forces in a member or joint corresponding to development of a
desired flexural yield state, limiting reinforcement ratios,
bar spacings and member sizes, and requiring sufficient
confinement in potential critical regions to provide a large
reserve for energy dissipation. While a sound understanding of
the fundamentals of structural engineering and structural
dynamics are needed to accomplish an effective and economical
design, the freedom permitted in the design process makes
satisfaction of the various criteria relatively easy. On the
other hand, it becomes more difficult for a designer to assess
the likely performance of a structure if some of the criteria
are not met. while some cases are easy to assess (e.g., too
little shear capacity to develop a plastic hinge at the ends),
others are not (e.g., insufficient anchorage length, bar
spacing violations, and so on).

Thus, the designer must have good insight into the desired
performan~e of the structure, the likely behavior of the
varlOUS inadequate details discovered, the capabilities and
limitations of various analytical models and the teChniques for

(I) Prof. of civil Engineering, Univ. of Calif., Berkeley, USA.
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upgrading the behavior of joints and members. While experi
mental research is the keystone to developing this under
standing, it is important that the designer understand the
various factors influencing seismic performance. It is unlikely
that the evaluation and retrofit of major bridge structures can
be reduced to the level of a menu of items simple tasks.

In this paper a few items, mainly related to analytical
and design issues, are raised and explored with examples. The
topic is, however, much broader than discussed here. Some
areas of on-going research are idp.ntifi~d at the end of the
paper.

ACCURACY OF MODAL SUMMATION METHODS

In the U.S. it is common to develop an elastic model of a
structure and analyze that model considering a site dependent
response spectrum. If the analytical model is large or has a
complex geometry, numerous modes, often with closely spaced
natural frequencies, will result. To achieve realistic
response estimates, many modes must be included in the
anal) ;is. For example, in the analysis of a model of the Inter
state 101 Central Freeway in San Francisco, a double deck
structure being evaluated by consultants for retrofit purposes,
nearly 200 modes needed to be considered. Since each of the
individual modes in such cases have little physical signifi
cance related to the structure's response to a global seismic
load condition, it often becomes difficult to interpret numeri
cal results.

This is in part true because of limitations regarding the
output capabilities of many computer program. For example, many
programs incorporate features to model rigid cap-column joints
of finite size, but do not provide output of the forces acting
within the joint. Modal summation rules, such as the "square
root of the sum of the squares" (SSRS) tech11ique, provide
information only on the amplitude of internal forces, bu~ not
their signs. Thus, it is (virtually) impossible to infer joint
shear from static considerations knowing the maximum shears and
moments applied to the edges of a joint. Joint shears and other
such quantities also have to be summed on a modal basis and not
using the summed maxima. In simple structures, governed by a
single, intuitively natural, mode of response, appropriate
estimates may be made. However, if many modes are involved,
this is no longer possible.

Nonetheless, there remains a more fundamental problem of
how to numerically combine the individual modal response values
when modes are closely spaced. It has been shown in ~uch cases
that sum of absolute values or SSRS techniques can lead to
grossly spurious results, both conservative and unconservative
[1). The Complete Quadratic combination (cQC) ar.~ ether
procedures have been developed to remedy these deficiencies.
Because of the relatively new development of such techniques,

-176-



methods like the SRSS method continue to be used. To provide
some light on the nature of this problem, a simple analysis of
a double deck viaduct segment has been performed using time
history, SRSS and CQC methods.

The structural model i~ shown in Fig. 1. The geometry is
typical of San Francisco double deck structures. In many of
these structures pin connections are provided at the top of the
upper level columns and at the base of the lower level columns.
In order to produce more closely spaced and coupled modes, the
pins along one side of the top of the structure are assumed to
have been retrofit to a fixed condition. The model was
analyzed using the record and response spectrum for the north
south component of the 1940 El Centro earthquake. This record
was applied to the model independently in the transverse (EW)
and longitudinal (NS) directions and simultaneously in both
directions (EW + O.3NS). Viscous damping was considered to be
5% of critical. In order to have 95% of the mass of the
structure contribute to the base shear, 10 modes were
considered in the analysis.

Because of mass and stiffness eccentricities, mode shapes
are complex and not oriented along the principal axes of the
structure (Fig. 1). This results in forces and deformations
orthogonal to the direction of an applied excitation. However,
it is not possible, given the kinematics of structural
response, for response maxima for these coupled modes to occur
at the same time in orthogonal directions. Thus, summation
rules that combine the absolute or squared values of modal
responses in all directions are bound to be erroneous. Only by
retaining the relative signs of the responses in orthogonal
directions for a particular mode can reasonable estimates be
made. The CQC method does this [1).

The effect uf this on the example structure can be seen in
Table 1. In this case, a relatively small base shear is
developed in the NS direction when the input is in the EW
direction. The SRSS method predicts values nearly the same in
both directions. The largest errors for the SRSS method appear
to be in the direction perpendicular to the direction of
loading. The CQC method predicts response values in much better
agreement with the time history, though still with some error.

It is interesting to note that the SRSS method appears to
provide more reasonable results When bidirectional input is
considered. This is a result of compensating errors. The SRSS
method underestimates the response in the direction of loading
and overestimates it in the orthogonal direction. ThUS, when
loads are applied in two directions, the errors compensate.
However, the degree of error may still be quite large depending
on the nature of the structure and loading.
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Table 1 Comparison of Modal Combination Rules
(Percentage Errors given in parentheses)

================ =======================================
Combination

Method EW
Input Orientation

NS (EW + 0.3NS)

EW Base Shear
(kips):
Time History
SRSS
CQC

2684
2148 (-20)
2768 ( +3)

784
1717 (+119)
1028 (+31)

2919
2363 ( -9)
3076 ( +5)

================ =======-=====-==--======-==============
EW Moment in
Elm. 36 (k-in):
Time History
SRSS
cQc

40340
37641 ( -7)
38699 ( -4)

16290
21708 (+33)
18524 (+14)

45227
44154 ( -2)
44256 ( -2)

================ ====:~=============:===================

PREDICTION OF DUCTILIT¥ DEMANDS USING ELASTIC ANAL¥SIS

Typically elastic analyses are used to assess the
potential seismic behavior of structures. While this may have
some theoretical justification for the case of single column
structures, its applicability to multicolumn and multilevel
systems is questionable. Past research has demonstrated the
problems of estimating the internal distribution of damage for
structures with stiffness, strength and mass irregularities. It
has also been shown that structures ~aving soft stories (as
would multilevel viaducts with yiel( _ng concentrated in the
columns) are likely to have much different response than ca be
predicted by elastic analysis. In addition, ductility demands
are generally unconservatively predicted for structures with
periods shorter than the characteristic period of the ground.

To assess this situation an example analysis has been
undertaken nn a representative bent from the Terminal Separator
interchange in San Francisco. The example bent (Fig. 2) has a
single bay, but three levels. Roadway decks, however, are
provided only at the top and bottom levels. The intermediate
level is provided to enhance lateral stiffness and increase
stability.

A series of analyses were performed on this structure.
Gravity effects due to dead loads were considered in all
analyses. Flexural capacities of the members were estimated
from the structural drawings and specified materi~l strengths.
She,"r failures and deformations in the members and the joints
were disregarded. Analyses were performed with a general
purpose nonlinear finite element program capable of static and
dynamic response analysis.

3
Results of the static elastic analysis are

and Table 2. Lateral loading was distributed
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assuming a mode shape in the form of an inverted triangle.
Results were scaled to produce a maximum ratio of moment to
plastic moment (here defined as l?Mn) in the lower bent cap
equal to 4. At this stage the top of the structure displaces
laterally about 3.4 inches. The figure indicates that many
elements are overstressed at this stage, particularly the
second level cap. However, the results indicate the formation
of statically inadmissible joint mechanisms, at the upper right
hand joint and at both joints at the lowest level. without the
aid of limit analysis, a designer would have difficulty inter
preting these results.

A static nonlinear analysis of the same structure was
performed. The base shear-top deflection relation is shown in
Fig. 4. This shows that a plastic mechanism forms at a displa
cement of about 2.5 inches. However, the first plastic hinge
forms (at the middle level) at a displacement of 0.31 inches
and significant nonlinearity is noted at a top deflection of
1.7 inches. For a displacement of 3.4 inches, corresponding to
the lateral displacement imposed for the elastic analysis, the
locations of the plastic hinges are shown in Fig. 5 and some of
the rotation ductility demands are listed in Table 2. These
demands are defined for simplicity as the maximum plastic hinge
rotation computed divided by MnL/6EI, plus one. There are
fewer plastic regions noted by this analysis, and the magnitude
and distribution of inelastic demands differ from that
indicated by the elastic analysis.

Table 2 - Comparison of Elastic Overstres~ and Plastic Hinge
Rotation Ductility For Bent Caps on Left Side of Three Level
Example structure.

=================================================
Model Middle Cap

Max. CUm.
Bottom Cap
Max. Cum.

===================== ===========
static Elastic
All gross section 3.99
Ig/4 for columns 1.90

static Nonlinear 2.92

============

4.00
1.46

5.91

===================== ==...:.======== ===========

Dynamic Nonlinear
18%g
25%g
50%g

2.38
2.47
5.49

12.1
14.7
26.8

2.49
J.77
15.5

2.49
3.77
15.5

For the case of the nonlinear dynamic analyses, the Taft
earthquake record was considered scaled to three different
levels as indicated in Table 2. Locations of plastic hinges are
shown in Fig. ~. The displacement time histories at the top
level are shown in Fig. 6. It can be noted from these data thi
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the ductilities in the caps are smaller than predicted by the
elastic analysis considering gross section properties, but that
analysis better predicts the ratio of demands between the two
levels than does the modified elastic analysis. As the inten
sity of the input increases, the magnitude of the plastic
rotations and lateral displacements increases. However, the
distribution of damage, as reflected in the ratio of plastic
rotation demands for the two levels presented jn Table 2,
changes dramatically. A linear elastic analysis is not able to
detect such changes.

In addition, the maximum plastic rotation demands do not
indicate the complete picture regarding inelastic demands. For
example, a criteria based on energy dissipation or cumulative
inelastic deformation may be more meaningful in terms of retro
fitting a structure to sustain repeated damage. Table 2
contains cumulative plastic rotation ductility demands. These
are generally larger than the maximum values since the elements
may yield more than one time. For the example structure, the
middle level cap is weak and sustains many plastic excursions.
On t~e other hand, thp lower level only undergoes a single
inelastic excursion. Again, elastic analysis cannot provide
this type of information.

It is clear that elastic analysis methods are powerful
tools that can provide considerable information for the
evaluation and retrofit of bridges. However, their results
should not be used blindly, or with undue belief in their
accuracy. Analytical models that can be used for predicting the
nonlinear response of existing bridge structures are still
relatively primitive and thus may not provide accurate results.
In addition, there is no general agreement on the best method
for characterizing damage in the structure. An important impli
cation of this is that differing definitions at different
stages of analysis and design can result in misinterpretations
and ineffective design solutions.

SOME COMMENTS ON CONSISTENCY

one of the perennial problems in earthquake engineering
has been the difficulty in defining a single parameter repre
sentative of structural damage. Ductility, defined as the
maximum displacement divided by the yield displacement, has
often been used as d qUQlltitative term in thic regard. ~c

indicated previously, there are difficulties with this
definition if one wants to consider situations with cyclic
loading. In addition, for complex systems definition of maximum
and yield displacement may not be straight-forward. Similarly,
it is well recognlzed that values of ductility evaluated on the
basis of displacement will differ from those based on rotation,
curvature or strain.

Because of these various definitions, it is important to
maintain a consistency of definition from test data to analysis
to design. As an example of this problem consider the design of
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columns. Test results on the cyclic inelastic behavior of such
members are relatively sparse considering the wide variety of
conditions that can be encountered. The data available shows
that ductility improves with increased nominal axial stress.
Based on this observation, a designer wishing to improve the
behavior of a structure would use as small of cross section,
and as high of longitudinal steel percentage, as possible to
~mprove ductility.

This may not lead to anticipated results. For example, in
a study of more than 150 column tests and column failures in
bridges during previous earthquakes it was noted that while
ductility increases with axial stress, deformability decreases.
Thus, if one wishes to have a structure or member that is able
to dependably achieve a certain displacement amplitUde, a smal
ler axial stress should be used. The difference relates to the
fact that the yield displacement of columns significantly in
creases with axial load, thereby decreasing yield displacement
and increasing the ductility. However, in analysis and design
such refinements are not usually taken into account (gross
stiffness properties are often used independent of axial load).
Thus, consistency and simplicity is needed in using terms such
as ductility in analysis and design.

FUTURE RESEARCH

A research program has just been initiated at the Univer
sity of California at Berkeley related to multicolumn bents.
This research has three emphases. First, to develop consistent
criteria for the evaluation and retrofit of reinforced concrete
multicolumn bridge structures. Currently, methods for
evaluating columns and assessing inelastic demands on bents are
being studied.

The second area relates to improved global and local
finite element modeling of multicolumn viaduct structures.
Factors such as traveling wave effects, variations in soil
properties along the length of the viaduct and expansion joint
effects are to be studied. In addition, the work examines
refined methods for predicting local nonlinear behavior of
joints and other complex critical regions.

The third and main part of the research focuses on experi
mental investigations of some of the special features of multi
column bents. Six research areas are planed as shown in Fig. 7.
In many of these structures the decks are separated from the
columns. The resulting outrigger is subjected to a complex
state of stress. In addition, older caps generally are not
designed to carry significant torsion. Thus, one of the first
sets of specimens to be investigated will be outriggers.
Both as-built and retrofit specimens will be tested. Emphasis
will be placed on the torsional behavior of the outrigger, but
longitUdinal, transverse and vertical motion of the bent will
be simulated in the tests.
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Another critical problem relates to the behavior of cap
column connections. These joints in older bridges in the u.s.
typically have little or no shear reinforcement. Techniques for
assessing the strength and deformability of these joints is
needed. Similarly, specimens will be tested to assess the
efficacy of stren~thening techniques.

In many older bridges relatively short anchorage lengths
have been provided for large diameter bars. A fundamental study
of single and multiple bars similar to existing and new con
struction will performed.

The behavior of columns is critical to multicolumn bents.
As such a series of tests will be performed on short columns
subjected to bidirectional excitations.

The move towards retrofit of the double deck freeway
structures in San Francisco by removal and replacement of
columns raises a number of other questions that will be
examined in the research project. In particular, the ability of
the proposed retrofits to achieve the stated objectives, and
the need for special shear reinforcement in the beam column
joints will be investigated.
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Fig. 1 Example Structure and Typical Mode Shape
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PRIORITIZING BRIDGES FOR SEISMIC RETROFIT

J. H. Gates (I)
B. H. Maroney (II)

Presenting Author: J. H. Gates

SUMMARV

The procedure used by the California Department of Transportation's
Seismic Retrofit P~ogram to identify and prioritize the most vulnerable
bridges to earthquake damage is presented. A risk analysis is developed in
which expert judgements are used to replace a typically large statistical
database. The result is a risk analysis based on expert knowledge gained
from past earthquakes and bridge characteristics which can be quickly
applied to the decision making process.

INTRODUCTION

The 1971 San Fernando earthquake revealed 8 number of inadequacies in
existing bridge design details and specifications. New bridge designs were
immediately modified to correct these inadequacies and a seismic retrofit
program was also started to address the various deficiencies in existing
structures. The initial objective of the seismic retrofit program was to
insure continuity at all of the bridge superstructure joints to prevent
drop-type failures. Approximately 1,300 bridges were retrofitted at a cost
of $55 million between 1971 and 1989. Typical methods used were to add
restraining cables or rods at joints and shear keys at abutments and bear
ings. In 1987, shortly after the Whittier earthquake. $64 million was made
available for additional retrofitting. These funds were to be directed
toward the retrofit of structures with single column bents in high seismic
zones as they were perceived to be less redundant and therefore at higher
risk. This effort was underway when the San Francisco Bay Area was rocked
by the Loma Prieta earthquake on October 11, 1989.

Cal trans has subsequently received specific direction in response to
the Loma Prieta earthquake. Following the Loma Prieta earthquake Senate
Bill No. 36X (Ref. 1) was passed which appropriated $80 million immediate
ly, and potentially 8 significantly greater amount for future s@ismic
retrofit projects. This bill identified Caltrans as the lead agency for
inspection and retrofit if necessary for all publicly (i.e., local and
state) owned bridges throughout the State. except for those bridges not on
the State highway system in Los Angeles and Santa Clara counties. The
locel agencies in these two counties have been designated as the lead agen
cies for the retrofit of their own bridges. The Governor's Board of
Inquiry on the 1989 Loma Prieta Earthquake (Ref. 2) stated in a list of
recommended actions, " .... specific goals of this policy shall be thet all
transportation structures be seismically safe and that important transpor
tation structures maintain their function after ~arthquakes." With this
direction and funding, Cal trans has been charg~d with the task of providing
safety to the traveling public through necessary retrofit modifications to
all transportation structures which May not be adequate during a large
earthquake.

(I) Supervising Bridge Engineer, CAL TRANS, Sacramento, C.lifornia

(II) Senior Bridge Engineer, CALTRAHS, Sacramento, California

-187-



C.lt...ns' is cu.....ntly ..esponding to these di ..ections. Fi,.)u..e 1 illus
t ... t.s the .trat.gv adDPted within the Division of Structure. to identify
.nd p.. ioritize, group into projects, and subMit to Structures Design
personnel the bridges requiring retrofit.

~ ...,--al--------------!
-Q4C1t MICH' toES
-r's
. m.c. 70 nELlJ

<"""".
1.0.•.•••

""'-

CLTl~

fY1II

""t/lflTIZ.. TION

..u. r II

-

,.
_"'~

-.--.

.T..,..
I.tI ...••.•

NMr OT L.IS'

IS ftll"/NAJB

0.0 .0.", , .....

-.....,.,......

"~~
in ,..'DltlTTK............

.,....------- ---_.-----
-..
_IS

="~II ""/OIf/l/..........

Q1r1ll

Figure 1. SEISMIC RETROFIT PROJECT FLOWCHART

-188-



The~••~. so•• 24,000 (.pp~oxi••t.ly 12,000 st.t. and 12,000 city O~

county) b~idg.s in the stat. of Califo~nia (s•• Figu~. 2).

Figure 2. CALIFORNIA BRIDGES
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There are more than 200 faults (see Figure 3), which threaten Califor
nia bridges.

Figure 3. CALIFORNIA SEISMIC FAULTS

Considering the large number of bridges that Cal trans is responsible
for in SOMe capacity, it was and still is econo~ically unrealistic to
require that every structure be iMMediately retrofitt~d to withstand large
Magnitude earthquakes without some daM8ge. A retrofit philosophy was
adopted at the stert of the seiSMic retrofit program which offers reason
able direction.

-190-



It is Cal trans philosophy to first retrofit those structures which are
at greatest risk and are the most vital. The ultimate goal is to see that
all of the bridges in the state are capabl@ of surviving large earthquakes.
Some damage is inevitable but collapse is believed to be preventable with
proper retrofitting. The exception to this is in the case of importa~t

lifeline structures. If undue stress or hardship will be placed on a commu
nity due to a structure being temporarily out of service, every attempt
will be made to strengthen to structure to increase the chances of surviv
ing a maximum level event with nominal damage.

IDENTIFICATION & PRIORITIZATION

Identification of bridges likely to sustain damage during an earth
quake is an essential first stell in a retrofit program. What can be classi
fied as a level one risk analysis w~s employed 85 the framework of the
process which led ev@ntually to a consensus list of prioritized bridges.

A conventional risk analysis determines a probability of failure or
survival. This probability is derived from a relationship between the load
and resistance sides of a design equation. Not only is an approximate
value for the absolute risk determined, but relative risks can be obtained
by comparing determined risks of a number of structures. Such analyses
generally require vast collections of data to define statistical distrib
utions for all or at least th@ most important elements of some form of
analysis, design, and/or decision equations. The acquisition of this infor
mation can be extremely costly if obtainable at all. Basically, what is
typically rlone is to execute an analysis, evaluate both sides of th@ rele
vant design equation, and define and evaluat@ a failure or survival func
tion. All of the calculations are carried out taking into account the
statis:ical distribution of @very equation throughout the entire procedure.

To avoid such a larg@ questionable inv@stment in resourses and to
obtain results which could be applied quickly as part of the seismic retro
fit program, an alternative was recognized and develoP@d. What can be
called a level one risk analysis procedure was used. A similar risk evalu
ation to identify and prioritize bridges for rp.trofitting was used in the
single column retrofit program (Ref. 3). The difference between a conven
tional and level one risk analysis is that in a level one risk analysis
expert judgements take the place of data ~upported statistical distrib
utions.

The level one risk analysis procedure employed can be summarized in
the following steps:

I. Survey the available expert database to identify and
weight high risk structural and transportation
characteristics,

2. Define preweight scoring schemes,

3. Calculate bedrock accelerations at all bridge sites,

4. Identify high risk soil sites which possess the
capacity to substantially amplify
bedrock acceleration, and

5. Prioritize bridges by summing weighted bridg@ structural
and transportation characteristics.
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step 1 was performed by surveying experts in the fields of bridge
design, maintenance, and construction and geotechnical and geological
sciences. Typically, bridge structural and transportation charact@ristics
with high correlations to past earthquake bridge damage would be used to
identify variable components of a risk evaluation. Due to the absence of a
substantial database of maximum credible California earthquakes and their
effects on California bridge structures an alternative database was identi
fied and tapped. Expert judgements by professionals in the field of bridge
engineering were used t~ derive and calibrate a risk algorithm. The survey
was used to determine which characteristics would have high correlations to
bridge damage or cost to public transportation and what their relative
correlations would be. This panel of experts represented hundreds of years
of bridge experience. The result of this step is illustrated in Figure 4.

RISK ALGORITHM
~_~_;:=[(wt )'(pre-wt )] I

HINGES

YEAR CONST

(12.0%) SOIL

(12.0%) ACCEL

(10.0%)

SINGLE COL

(7.0%)

(8.0%)~~~.~~
EXPOSURE

HEIGHT

ABUT TYPE
DETOUR o~j %)

RTE TYPE (5.0~}· ~-'----
FAC X-ED (6.0%)

SKEW (7.0%)

Figure 4. PRIORITIZATION WEIGHTS

Preweight scoring schemes were developed in step Z. These were devel
oped using engineering judgement consid@ring available data. their forms.
and engineering/mechanical relationships between the particular character
istics and typical structural or transportation system responses. Each
preweight score is a number between 0.0 and 1.0. A number close to 0.0
reflects a relatively low risk and a number close to 10 reflects a rela
tively high risk.



Typic.l preweight scoring schemes are presented ~n Figure 5.
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Figure 5. TYPICAL PREWEIGHT SCORING SCHEMES
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The finel risk elgorith. deteils including preweight renges is shown in
Figure 6.

YEAR CONSTRUCTED

PEAK ROCK ACC.

SOIL AT SITE

#OFHINGES

COLUMNS PER BENT

TRAFFIC EXPOSURE
(length & ADT on deck)

HEIGHT (length)

SKEW

FACILITY CROSSED

ROUTE TYPE
(on structure)

LENGTH OF DETOUR

ABUT. TYPE

0.13 * (0.0 -> yr >71; 0.5 -> yr<=45; 1.D->45<yr<=71)

0.12 * (MCE ace, normalized to 0.7g)

0.12 * (0.0 -> low risk site; 1.0 -> high risk site)

0.1' * (0.0->0;0.5-> 1; 1.0-> 20r more)

0.10 * (0.5 -> multi-col; 1 -> single col)

0.08· (neg. parabOla, normalized to 2"108 ADT"LENGTH»

0.07· «LOCAL) neg. cubic, normalized to 30)

«STATE) 0.0 -> 0.300; 0.5 -> 300-600; 1.0 -> >600)

0.07 * (pos. parabola, normalized to 90)

0.06· (same as RTE TYPE, STREAM =0.8)

0.05· (lNTERSTATE-> 1.0;

U.S. ROUTE -> 0.8; STATE ROUTE -> 0.8;
RAILROAD -> 0.7;

FED. FUNDED CO. ROUTE OR CITY ST. _.> 0.5;
NON-FED. FUNDED CO. ROUTE OR CITY ST. -> 0.2;
FED LAND, STATE LAND, & UNDEFINED -> 0.0)

0.05· (line.r, normalized to 100)

0.04 * (0.0 -> monolithic; 1.0 -> nonmonolithlc)

THESUM OF THESE WILL BE BETWEEN 0.0 AND 1.0

Figure 6. RISK ALGORITHM
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Step 3 was carried out by consulting the California Division of Mines
and Geology. A tea~ of seismologists and engineers identified seismic
faults believed to be the sources of future significant events. Selection
criteria included location, geologic age, time of last displacement (late
Quaternary and younger), and length of fault (10 km minimum). Each fault
was evaluated for style, length, dip, and area of rupture surface in order
to estimate potential earthquake magnitude. Fault locations were digitized
for computer use. ~jl appropriate attenuation model was developed by Mual
chin of the California Division of Mines and Geology to be used throughout
the state. It is a weighted average of several published models.

These two efforts combined to produce a method for determining the
maximum credible peak bedrock acceleration at the site of each bridge in
California. This is achieved by attenuating maximum credible ground accel
eration~ from the closest fault segment to the bridge site. This was
greatly simplified by use of the map produced by Mualchin of the California
Division ~f Mines and Geology (Ref. 4). This map presents the maximum
credible 'Jeak bedrock Accelerations throughout the state of California.

Caltrans engineering geologists from throughout California collab
orated to complete step 4. A knowledge base constructed by years of study
ing and working with the geologic strata of California was thus made
available to the Division of Structures. The team of engineering geolo
gists, working with 26 geologic maps, conservatively identified high risk
soil site c which possess the potential to substantially amplify bedrock
accelerations. The identified high risk soil sites were then digitized for
computer use.

Step 5 is the process of combining the previous efforts via a logical.
dependable, and repeatable algorithm which can be computerized. This was
performed with a graphical interface system by ULTIMAP at Caltrans. A final
single risk number for each structure was calculated by summing the
products of risk algorithm weights and each structure's preweight scores,
producing a numerical measure of relative risk between 0.0 and 1.0. An
example calculation is shown in Figure 7. An indepth description of each
component and each preweight scoring scheme is presented in another paper
by Maroney (Ref. 5).

DATA COLLECTION

Acquisition of the bridge structural and transportation data was a
formidable task. The Caltrans structures Maintenance database was relied
upon heavily. This database is a Federally mandated library of records
which describe a variety of structural, transportation, and economic bridge
data. However, any single source of information cannot be relied upon
alone. Parallel information seeking efforts were initiated to gather the
best available information on all state and locally owned bridges. These
additional efforts include a solicited Seismic Rptrofit Inventory (SRI)
survey of locally owned bridges (Figure 8), and a state wide General Plan
(GP) review (figure 9), of all bridges, and a collection of special know
ledge on selected structures which engineers statewide are independently
identifying as threatened.
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Figure 7. EXAMPLE RISK ALGORITHM CALCULATION
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The SRI requested local agencies to survey their structures and return
to Caltrans data which would assist in evaluating their potential need for
retrofitting. An SRI for~ is shown in figure 8, All fifty-eight counties
and nearly 300 cities have completed over 11.000 SRI forms. Approximately
570 forms are outstanding and 640 for~s have been received that do not
match any existing records (11/90). Caltrans processed. corrected if
necessary, and entered the returned form's information into a database.
This infor~ation is serving as a vital element in the retrofit program.
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Figure 8. SEISMIC RETROFIT INVENTORV (SRI) fORM
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The GP and detailed review utiliz@d @ngin~@rs @xamining at l@sst one
plan sheet for every structure Caltrans has in its archives. The goals of
this effort were twofold. The first was to r@move all structural types
from the retrofit program which have proven +0 be not susceptible to
catastrophic failure due to earthquakes. These kinds of structures include!
modern brido@s design@d sinc@ 1980 without outrigging knee joints. flat
slab, timber. single-span monolithic, typical two-span monolithic. and
well-seated single-span bridges. This effort reduced the number of bridges
which required a more detailed review or analysis. The second reason for
the GP review was to serve as a check for bridge identification and data
base quality. This proved valuable in cases in which bridge structures had
been replaced, renamed. or renumbered. A copy of the GP Seismic Review
data sheet is shown in Figure 9, and the Detailed ~eismic Review data Sheet
in Figure 10. It should be noted that the data sh@@ts were modified as new
conditions were incountered which suggested modification. Approximately
9000 state and 4000 locally owned bridge GPs have been reviewed and over
3000 detailed seismic reviews have been performed (11/90).

Special knowledge pertaining to bridge structures throughout the state
has proven valuable. The Division of Structures maintains an open door
policy for engineers and other professionals to contribute to th@ effort in
identifying high ris~ structures through special knowledge of structures or
site characteristics which they have gained through professional experience
with a bridge or site in the state of California.

In order to respect previously committed time schedules. th~ bridge
plan review effort has two levels of review. They are the GP Review
discussed earlier and a Detailed Sei~mic Review which is providing an
opportunity to remove more bridges from the retrofit program by investigat
ing the structural plans in detail. Such details include support widths,
column reinforcement. footing reinforcement. bearing type, etc.... T~e

detailed review also allows reviewers to take advantage of additional know
ledge gained from recent retrofit structural analyses. This review is
taking place before and following the assignment of the risk values.

It is recognized t~at certain structures on the state transportation
system can be identified as having unusually high levels of risk associated
with them. Examples include: structures with rigid outrigger bents. struc
tures with leased space below, structures spanning faults. and structures
on routes which can be categorized as lifeline arteries. These structures
are being identified by numerous methods and will be appropriately analyzed
and if necessary retrofitted.
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PROJECT CLASSIFICATION

Identified bridges are being grouped into projects. The total inven
tory of bridges is separated first into three groups respecting the three
lead agencies jurisdictions and then further by the results of the GP
review effort. Respective lists were provided to the state, and Santa
Clara and los Angeles counties with seismic risk factors associated with
all bridges. Methods employed to oversee the retrofitting bridge struc
tures at the project level in the counties is the responsibility of the
respective lead agencies. Each of the bridge structures which fall under
Cal trans jurisdiction not eliminated by the GP review will be assigned a
seismic risk factor. The risk factors will be used to prioritize the
bridges.

Project grouping will consider ownership, number of bridges, estimated
costs, and geographic locations. All bridges in any single project shall be
owned by the same city or county. The maximum number of bridges in anyone
project will be 20. (It is estimated that 50% of these will usually be
eliminated in a detailed final screening. Maximum estimated costs per
project will not exceed $4 million. Reasonable geographic limitations will
be used to group br,dge sites into projects.

Each project will be prioritized. Projects will be assigned a Seismic
Project Priority Number (SPPN). The SPPN will be the average of each
bridge's risk factor in a project weighted by each respective bridge's
estimated retrofit construction cost. It is estimated that project priori
tization will be completed in late IQqO.

CONCLUSIONS

Past earthquakes have exposed potentially threatening deficiencies in
California bridges. Cal trans recognized this situation as early as 1971 and
immediately initiated a retrofit program, however modest state funding of
the program limited it's scope to high potential areas. The Loma Prieta
Earthquake brought attention to the program and with legislation and
government recommendations from the governor's board of inquiry, Cal trans
is being directed to accelerate the seismic retrofit program. Important
initial steps to the strengthened program are to id@ntify and prioritize
bridge structures which po~se~s a high p~obability of severe damage in a
maximum c~edible earthquake. This is currently undprway at Cal trans using
what can be termed a level one risk analysis. The risk analysis employs an
expert knowledgebase and grod engineering judgement to prodvce a prior
itized list of bridges which will be grouped into projects and released for
design and construction.
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DAMAGE AND PERFORMANCE ASSESSMENT OF EXISflNG
CONCRETE BRIDGES UNDER SEISMIC LOADS

Frieder seible (I)
MJ. Nigel Priestley (I)

Presenline Author: F. Seible

SUMMARY

Based on encountered damage in elevated concrete freeway structures during the October 17.
1989 Loma Pri':l:' (San Francisco) Earthquake, a preliminary damage and perfonnance assessment
procedure was deve)"pcd to evaluate the seismic perfonnance characteristics of existing concrete
bridge structures. The assessment of cap-column joint behavior is discussed in this paper within the
framework of this general preliminary damage and perfonnance assessment procedure, and extended
all the way to detailed joint behavior studies using nonlinear analytical finite element procedures.
Finally, considerations for repair and retrofit solutions for knee joints in outrigger bents are presented.

INTRODUCTION

The Loma Prieta (San Francisco) earthquake of October 17, 1989 reemphasized the
vulnerability of structural concrete systems to cyclic displacements resulting from seismic attack.
The dramatic collapse of a one-mile section of the Cypress Viaduct in Oakland can be traced to
inadequate pcrfonnance of the cap-column joint region in the supponing bents of the double-deck
bridge structure. Investigation of the joint reinforcement showed inadequate structural detailing of
the joint region for the encountered seismic force levels. While the Cypress collapse was well
publicized in the press and technical literature. only limited infonnation can be found on similar
structural joint damage to other elevated roadways in the San Francisco--OakJand Bay Area which led
to the temporary or permanent closure of several major freeway arteries including the Embarcadero
Viaduct (1-480), the China BasinlSouthem Freeway Viaduct (1-280) and the Central Viaduct
(Highway 101) in San Francisco, as well as the Southbound Connector (1-980) in Oakland (Ref. I).

While most of these bridge sections were designed and built in the 1950's and 1960's. some of
them were completed as late as 1985. This raises questions concerning not only past but current
detailing practice for structural concrete joints. Desisn Nles for beam and column members of
structural concrete frame systems seem to be widely accepted and standardized in similar form
around the world. However, as soon as aspect ratios of structural members approach unity. design
guidelines and supporting desisn models show a wide range of different approaches. Limited detailed
design models for these regions exist when full three-dimensional force transfer of axial. flexural and
torsional structural action is required simultaneously. Also, most design models focus on single
monotonic structural loading and do not address fully reversed cyclic loading patterns. Thus, the
question arises whether a unified approach for design and analysis models in suppon of structural
concrete detailing exists or if the state-of-the-art in structural concrete detailing still relies primarily
on experience to design and detail complex members for realistic loading conditions.

Both analytical models to study the in-depth mechanism of IU"UCturai concrete behavior through
various limit states and design models developed to unify the structural detailing and design approach
have seen comprehensive recent developments. In. direct extension of early structural concrete
design principles by Ritter (1899) and MOrsch (1909). Schlaich et aI. have developed a
comprehensive design approach toward structural concrete detailing which cnswa internal force
transfer through discrete compression and tension (stJUt and tie) members, satisfying equilibrium by
simple truss mechanisms (Rcf.2]. This approach has become • powerful design tool since it allows a
variety of detailing solutions as long as basic anchorage and stress limit swes are observed. but most
importantly it allows and fl>rces the design engineer to develop. consistent dcsisn model resulting in

(I) Professor of Slnletural Engineering, University d California. San Diego. USA
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an engineered solution rather than in a design resulting from a recipe application. Problems and
limitations arise when design solutions based on inappropriate truss mechanisms are attempted and
when the discrete member forces are of magnitudes which cause stress limit and anchorage problems
and thus require a distributed or smcared approach. Parallel to the consistent strut and tie model
development. Collins. et al. developed the juxtaposed position of a smeared or distributed behavior
model IRef.3). which is based on homogeneous behavior of structural concrete even in its cracked
state and resulting orthogonal principal compression and/or tension fields of the internal forces.
Based on mechanical principles of an onhotropic homogeneous material. the orientation of the
resulting stress fields is derived from compatibility and equilibrium conditions. The resulting stress
lieIds are subsequently discreti7.cd in concrete and reinforcement action which forms the basis for a
rational structural concrete design approach. Similar to the discrete strut and tie model, additional
considerations for anchorage and local concentrated force transfer are required and limitations exist
where either reinforcement is heavily concentrated rather than distributed. and where structural action
results in a few large cracks rather than in the ideal distributed (smeared) crack pattern. Thus. while
both design models are different in the approach. they are rather complementary in the overall design
process, especially when in aA.l\ition to the force transfer in the joint or member. deformation limit
states also need to be considered.

Both of the above models provide comprehensive design approaches to structural concrete
detailing but are fully applicable only when simple monotonic loading conditions exist up to dl.'sign
levels with sufficient margin to the ultimate limit state. Where deteriorating bond phenomena along
the reinforcement, opening and closing of cracks under reversed cyclic loading, deterioration of
concrete contribution in developing local failure mechanisms, and the development of ductile hinges
(which incorporate all of the above aspects) are present, the above models may not be adequate and
additional considerations to both design approaches are needed as outlined by Paulay et al. for
structural concrete joints under seismic action [Ref.6). It will be shown in the following that. with
\.hese additional considerations. the above design models can also be directly applied toward \.he
design of retrofit measures of ex.isting critical structural concrete regions as found in the San
Francisco double-deck freeways. Furt.hcr, it will be shown that complete failure sequences and limit
states of these structural systems can be traced using advanced nonlinear analytical structural concrete
models.

The critical role of structural concrete joints in beam-eolumn systems and their behavior under
seismic loading is evaluated in this paper on the example of joint performance in elevated bridge
structures during the Lorna Prieta earthquake and \.he applicability of various design and analysis
models to \.he structural concrete joint problem is demonstrated, bo\.h for the assessment of joint
perfonnance during the earthquake and subsequent repair and retrofit strategies.

SEISMIC PERFORMANCE ASSESSMENT

General Assessment Approach

To assess the expected seismic performance of structural concrete beam column joint'i. it is
important that the joint under consideration is evaluated in direct relationship to the actual adjacent
member capacities. This requires a state or capacity determination of adjacent beams and columns
with consideration of (I) a..tual material properties at the time of evaluation, i.e.• probable concrete
strength. not the design strength rc • actual stress strain behavior for the reinforcement not nominal
spccilied design yield levels, (2) proper consideration of axial load effects, (3) proper consideration of
possible confinem"m effects from transverse reinforcement. (4) reduced concrete shear contribution
in areas of large fully reversed cyclic deformation, and (5) realistic bond and anchorage estimates
particularly for large diameter reinfo:cing bars. A preliminary performance assessment of joints
comprises the foUowing general steps: Step I: Realistic member capacities based on the above
considerations are derived for both flexure and shear, and the critical failure mechanism is detennincd
by direct comparison of the shear capacity with the plastic flexural limit state shear Vp derived from
the appropriate flexural plastic hinge failure model of the member. If V P is larger than the calculated
shear capacity. a potentially brinle shear faiiure can be expected without the formation of ductile
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flexural plastic hinge mechanisms. Step II: Based on the possible member failure mechanisms. the
expected global collapse mechanism for the complete structural system is derived by comparing
combined dead load and lateral seismic force action with the derived capacities. Step III: From the
identified systems collapse mechanism, critical joint forces can now be determined at the collapse
state and a direct comparison with most probable joint capacities will indicate if joint distress
degrades the capacity of the collapse mechanism or if the joint behaves as ideally assumed within or
close to the elastic range. Finally, equivalent seismic base shear forces are estimated corresponding
to the lateral force level which causes collapse based on the above failure mechanism. Excessive
joint distress can lead to a reduction of this base shear coefficient, particularly when a large number
of cyclic load reversals and the associated joim degradation is considered. A complete summary of
the proposed preliminary damage and assessment procedure for ellisting concrete bridges under
seismic loads is compiled in Appendix A, addressing not only lhe joint problem but rather the
complete assembly of individual components. bents and frames.

Application of the above preliminary seismic assessment procedure to the San FranCISCo
double-deck bridge bents has shown that particularly the joints did not meet design criteria for
earthquake resistant ductile structures summaril.ed by Paulay et al. [Ref.5) as:

(I) joint strength should exceed the maximum strength of the weakest COIUlCt,;Ufig member.

(2) structure capacity should not be jcOpardil£d by strength degradation in the joint.

(3) joint response should be elastic during moderate seismic disturbances.

The preliminary joint behavior assessment outlined abov.: can be supplemented and refined by
more detailed analysis and design models as demonstrated in the foDowing for specific cast studies
performed foDowing the 1989 Lorna Prieta earthquake.

express viaduct Overview

The collapse of the Cypress Viaduct in Oakland was caused by inadequate structural detailing of the
lower cap-column joint region. A typical failed bent of the Cypress Viaduct is shown in Fig. la,
while probably more instructively, Figs. Ib,c and d depict the joint distress pattern of the cap-column
joints in portions of the Cypress Viaduct which did not collapse during the Loma Prieta earthquake.
Both vertical and horizontal joint reinforcement detailing, see Fig. 2, is insufficient to transmit the
required joint shear forces and both a capacity design check with joint equilibrium model and a
compression field based nonlinear finite clement model [Ref.I) yielded joint shear fon:es of less than
1.8 MN [400 kip), sufficient to fail the pedestal in the joint region. While the simple equilibrium
check on the joint provides a quick assessment of the joint shear capacity. the nonlinear finite elemenl
investigation of the joint also provides the sequential crack and yield development panerns and
associated deformation limil states which allow estimates of the ultimate failure mode, see Fig. 3.

As shown by the failure mode postulated in Fig. 3 and the distress patterns in Fig. I, the failure
most likely initiated in the lower part of the upper column or the column pedestal which featured
insufficient transverse reinforcement D = 13 mm @ 30 cm (14 @ 12 in.) to confine the
column/pedestal concrete and to provide the required shear resistance.

While the Cypress failure originated in the column pedestal or elltended joint region, distress
patterns encountered in other elevated roadways such as the China Basin Viaduct (1·280) and the
Oakland Southbound Connector (1-980) clearly show elltensive joint distress, particularly in the knee
joints of outrigger bents as shown in Fig. 4. These outrigger bent damage patterns wiD be evaluated
in the following.

The Olina Basin viaduct,l-280 Bent NI~

An overview of the China Basin Viaduct bent N] -35 is given in Figs. :5 and 6. The upper
roadway (NI ·line) is supported by a large outrigger benl which sustained both joint shear and cap
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flexure/shear damage as outlined in Fig. 6b. To assess the e:\pected seismic pcrfonnance of bent
N 1.35, a dead load estimate and a capacity estimate [Ref. I J of the upper cap beam and columns was
{X'rfonncd, as outlined above and summarized for the cap beam in Fig. 8, based on the as-built
dimensions and reinforcement details depicted in Fig. 8. For bent N 1.35, the flexural capacities of
the cap beam were well below the column capacities and were thus critical for the overall seismic
perfonnance assessment. A unit lateral (seismic) force was subsequently applied to the bridge bent,
sup.:rimposed si:paratcly for two suppon assumptions (I, lI)and the two loading directions with the
dead load estimates and scaled until the combined action exceeded the flexural cap beam capacity
envelope, see Fig. 7.

-+ +--
Lateral response force levels of E =0.63 g and E =0.69 g in the two directions, respectively.

were found to be sufficient to cause local hin~e mechanisms to develop. Particularly under loading to
the right. see Figs. 6 anJ 7, the tennination of negative or top reinforcement at a distance of 6.1 m
(20 ft) ft from the column center line is cause for the onset of a negative moment crack which
propagates toward the column in shear aided by the lack of cap beam shear reinforcement in this
region. sec F:g. X A wide flexurcil-shear crack was observed in this region, as predicted, see Fig. 6b.

Joint shear cracking was calculated for both joints at lateral force levels less than that cor
responding to the first hinge f<mnation. ApPJRximate values corresponding to a joint shear stress of
0.33v"f;MPa (4~ psi) are E" = 0.45 g; "E = 0.40 g. Thus. significant joint distress a.; seen in
Fig. 6b can be expected. Although the level of cracking visible in the positive knee joint moment
regions of the bent cap beam indicates that the bent probably did not reach first hinge fonnalion, the
shear stresses in the joints were high enough to cause joint failure. Hence the response accelerations
appear to have exceeded 0.4 g in each direction.

However, since both cap beam and joint mechanisms form at very similar lateral load levels
and the distress pattern in the cap beam also indicates reinforcement inadequacies. no repair or retrofit
measure but rather complete replacement of the entire bent was recommended [Ref.I].

]be Oakland Southbound Connector. 1-980. Bent 38

A single-deck outrigger bent (bent N38) with only a 0.92 m (3 ft) outrigger cap beam extension
past the supcrl>lrUcture on 1-980 featured heavy joint damage as shown in Figs. 4 and 9. Built in
1985. the wlumn was well confined with an interlocking spiral, see Fig. 10. however, this spiral did
not continue into the joint region where it was replaced by a 5 gauge wire spiral with D =5 mm at 10
cm (q 0.2 in. @ 4 in.). Also, the cap beam reinforcement aside from the top and bottom bars. see
Fig. 10, did not extend into the joint region.

A capacity check on the cap beam and column capacities showed that the cap beam capacity is
critical for positive moment due to the insufficient anchorage length of I.8 m (72 in.) for the D =
57 mm (N 18) bars which. based on AD 318-89. require a basic development length of 3.0 m (117 in.)
which is likely to be on the conservative side. In the other loading direction (negative moment in the
joint), the column capacity is critical. Joint shear force levels derived from simple stress models.
Fig. II, show joint shear stress levels of 0.37-HCMPa (4.3~ psi) and O.s-HCMPa (6.00c psi).
undeUJO~itivt' and ~ative moment loading. respectively. which are both above an assumed level of
0.33-JfC MPa (4.0"fcpsi). where diagonal tension cracking in the joint can be expected. Since the
shear capacity of the 5 gauge wire spirals does not add significant joint shear capacity. the fonnation
of any flexural hinge mechanism in adjacent members was inhibited.. This explains the encountered
diagonal joint crack patterns during the Lorna Prieta earthquake. see Fig. 4.

In addition to the diagonal crack patterns. large areas of cover concrete spalling along the outer
cap comer as well as a ruptured D =57 mm (NI8) reinforcement bar which was bent on a 45 em
(l'-()") radius were observed. see Fig. 9.

The first phenomenon of cover concrete spalting can be explained with the fully reversed cyclic
loading. Under negative moment. flexural cracks open on the cap surface as shown in Fig. 11 and
under subsequent positive moment loading, the entire compression force has to be transferred through
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the negative moment reinforcement until the cracks can close. 1bese high compression forces in the
negative moment reinforcement transferred to the concrete by bond, have a tendency to spall off the
concrete cover betwcen flexural cracks developed in the previous tensile excursions.

The second phenomenon. the ruptured reinforcing bar, points to a potentially critical problem
which needs further investigation. Common ultimate strain levels in D = 57 mm ('18) fy ;: 414 MPa
(Grade 60) bars are in a range from 7 to 1.5%. Introducing a R;: 4.5 em (18 in.) radius bent into a 0 =
57 mm (N18 or,;: 2.25 in.) bar causes strain levels of D/(2R) =225/(2 x 18) =6.25%, which is close
to the ultimate strain range. TIle very low strain reserves and possible strain aging effects which raise
the notch ductile temperature at which steel will fail in a brittle mode can cause sudden failure in
thcse bent bars at vcry low additional strain levels.

In addition to the simple stress models of the mee bem joint, detailed nonlinear finite element
simulations based on extended compression field principles were performed to determine analytically
failure modes and joint deformation contributions to the overall bent deformations. Reinforcement
development of straight bars was mvdeled by assuming a reduced yield level in the anchor zone
decreasing linearly from the full yield at the ACI 318-89 basic developmenllocation to zero at the bar
end. Subsequently derived yield patterns in bar anchorage regions therefore are indicative of bond
failure or slip. Superimposed to the dead load case, the half bent, Fig. 12, was subjected to lateral
force and force-deformation envelopes with major event indicators were obtained. Associated crack.
slip/yield and first crushing pattem~. see Fig. 13, indicate the failure mechanisms in the joint region.
The heavy yield in the joint center, both hori7.ontally and vertically, indicates the deficiency of bolh
vertical and horizontal j(lint shear reinforcement, particularly under loading to the left or negative
moment on the joint. Also, the crushing of the concrete in the outer joint region under the bent
negative moment reinforcement under loading to the left or negative moment indicates the high
compressive stress state and associated transverse prying forces in this region and the need for
sufficient transverse confinement reinforcement, as outlined by Schlaich et al. (Ref.6J, for strut and
tie models for negative moment knee joints.

For repair and retrofit considerations. the emphasized diagonal nature of the joint yield and
joint crack patterns strongly suggest the addition of both horizontal and venical joint shear
reinforcement. Also. the prying forces in the negative moment reinforcement generated under fully
reversed cyclic positive moment need to be anchored back to the compression zone on the inside of
the joint through a diagonal tie back.

A comparison of the force-deformation envelope in the two loading directions, see Fig. 12.
shows that loading to the left or negative moment loading results in a sudden failure with crushing in
both joint comers, Fig 13, while loading to the right or positive moment loading deteriorates due to
the slip in the positive moment reinforcement of the cap beam and the column. However, under fully
reversed cyclic loading, this bond slip will deteriorate even further causing a drop in positive flexural
capacity (not shown in Fig. 12).

Since joints should be detailed based on capacity considerations such that the major inelastic
action occurs in the cap or column, and since they should remain effectively elastic for small seismic
disturbances (paulay et aI. (Ref.Sn, the nonlinear finite element analysis was repeated with a linear
elastic joint for a direct comparison of deformation limit states. As can be seen from Fig. 12. while
joint deformations did not contribute significantly to the initial overall structural deformations, the
failure mode in the positive moment direction (loading to the right) shows improved ductile behavior
when the failure mechanism is shifted from joint distress to flexural cap beam hinging. It should be
noted that the cap beam capacity still may be artificially low due 10 the reduced yield strength in

the bottom 0 =.57 mm (NI8) reinforcing bars based on a reduced development length according to
ACI 318-89. Negative moment loading behavior is also improved by forcing the yield mechanism
clearly into the column Since the bent joint failure is the critical link in the overall behavior,
repair/retrofit of these joints is a logical nex.t step.
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REPAIR AND RETROFlT

Cap/column joints in elevated roadways are probably UJe most difficull members in a bridge
bent to successfully repair and/or retrofit for seismic loading. Both horizontal and venical heavy
reinforcement patterns from cap beams and columns provide for complex geometric and congested
reinforcement patterns in the joint. Also. the critical aspects of bar anchorage within the joint as well
as plastic hinge development directly adjacent to the joint complicate the retrofit design.

Criteria for seismic retrofit design of cap/column joints have to follow the philosophy of
providing a reliable ductile structural system. Since ductility within the joints is very hard to achieve.
the joint retrofitting is gearro toward the formation of clearly defined and well behaved ductile plastic
hinges in either the cap beam or the column. In many bridge decks. the cap beam is an integral
component of the superstructure which would make post-earthquake repair in this member difficult.
Thus, frequently in bridge design, the ductile framing system is provided by reliable column hinges.

For the retrofit design. again a capacity design approach should be employed which ensures in
the case of the joint retrofit predominantly clastic behavior of the joint region. This can be achieved
by joint desi!,'ll which is based on factored nominal column design moments, e.g., 1.5 x M n• where
Lhe factor accounL~ for reinforcement overstrength. including strain hardening. confinement effeCL~

and concrete strength increase with time. In detailing of the joint repair retrofit, tlle congested
reinforcement layout wiLhin Lhe joint as well as high nominal joint shear stress levels typically require
an increase in size of the joint region.

Detailing for rcpair or retrofit of the damaged Irnce joint on 1-980 bent #38 can be derived using
ciLhcr strut and tic models as outlined in fig. II with additional considerations as outlined in [Ref.61
for transverse splitting under negative moment and tie back for fully reversed cyclic loading, or
directly from tile fon;e states derived fmm the compression field analysis. see Fig. 13. A possible
repair measure consists of providing an additional 23 cm (9 in.) concrete jacket around the existing
joint with horizontal and vertical distributed joint reinforcement and a diagonal comer tie back based
on force and reinforcement quantities derived in Fig. II. The damaged joint concrete can either be
removed and the joint rebuilt completely or the damaged joint can be epoxy injected subsequent to
removal of loose concrete, roughening of the interface. and adequate doweling bonding of Lhe added
structural concrete jacket.

A schematic overview of Lhe repair mea"ure suggested for 1-980. bent #38. is depicted in Fig.
14, for an added concrete jacket without prior removal of the joinL concrete core. SubsequenL to the
joint repair work, lateral load dcfoll11ation characteristics exceeding those depicted in Fig. 12 for the
clastic joint case can be expected.

CONQ.USIONS

Damage in cap-column joints of elevated roadways during the October 17, 1989 Lorna Prieta
eanhquake was used to demonstrate both preliminary seismic performance assessment procedures for
existing concrete bridges as well as detailed analytical models for performance evaluation throughout
all critical limit states. A complete summary of the proposed preliminary performance assessment
procedure is presented to stimulate discussions on a unified evaluation, design and analysis approach
in assessing and retrofitting existing concrete bridge structures for seismic loads. The presented
models range from discrete strut and tie analogies to complex nonlinear finite element analyses to
demonstrate Lhe various analytical support levels for seismic performance assessment and retrofit
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APPENDIX - A*

Preliminary Performance Assc:ssmcnt Procedure for
Existing Concrete Bridge SUueturel Under seismic Loading

PmcqIun; Commc;ntaty

L Standalone Bent Eyaluation I. Standalone Bell Evaluation

1. Dead load evaluation of bent. 1. Estimate contribut"ry dead load from
supcrst.rUCIW'CS to bent, self weight of bent
components and establish dead load
bendin& moment diagram for the bent.

2. Lateral load analysis due to unit seismic 2. Apply inverse triangular unit seismic 1aIeral
load E. load pattern at supcrstJuc:ture levds 10 the

~En':=R :~
3. Detennine member capacities based on

probable material properties.

3.1 Flexural capacities including
confinement effects, development
length erfeets and gravity on axial
load effects.

in both directions.

3. Detennine most probable material data at
the time of evaluation based on tests or
assume a 50% strength increase from the
nominal concrete design strength f c and a
1205111 overstreng1h in the yield capacity of
the reinfon:ement; e.g. concrete rc ., 4000
psi -+ f'c = 6000 psi, reinforcement grade
40 -+ fy =44 psi.

3.1 Development length of flexural
~inforcement should be taken from
ACI 318-89 until new guidelines ~
Ivlilable. For shoner development
length, the effective yield stress
should be 1aIuc:cd proportionally. For
lapped starter bars with 20 db lap
splice, assume I 7S'II effectiveness in
flexure.

*Proposed procedure open for discussion
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Confinement of dJe concrete by lies or
spirals should be Iccounted for by
means of an increase in ultimate
compressive stnin 1Ql as

1.4 PI fyh £Sm
1Ql = f'cc:

with P. =effective volwuctric ratio of
hoop or confminS Iled, fyh. hoop
yidd Itft:SI.... strain at peak strain
of hoop sted ii 0.12, fcc. confined
strenBth of conc:~te S I.S f c or
alrcmativdy as t<u ., 0.005.

Axial effecu due to .nvity and
ovenuming should be considered.
Correct iteratively for ovenuming
effects.



L StandalQne B-:nl l:.yaJuatiQn (cont)

32 Shear capacities including axial load
and longitudinal reinforcement ratio
effects and deteriorating concrete
contributions for hinge regions.

3.3 Determine member failure mode and
member mechanism location.

4. Determine moment capacity envelope for
bent and determine lateral load levels
which cause local mechanisms based on
dead load and factored E loads.

S. Determine the equivalent base shear
coefficient corresponding to the collapse
mechanism as CtrEIW.

6. Check of joint regions for joint shear. If
joint degradation is likely. reduce
associated base shear coefficient.

7. Check footing capacities for critical
mechanism.

Commentaly

I. Sl'Ddalonc Bert. Eyaluation (cont)

3.2 Determine member shear based on
joint ACI/ASCE Committee 426
n:commendation IS

Vn="cbd [I +f~:~g]+~ with

vc =(0.85+ 120 Pw) ~ s 2.4x ~

In hinging regions the concrete
contribution should be reduced based
on the ductility demand

~,;r;
~t>

I 2 3 4 ductility

3.3 Check if flexural plastic hinge Slate
can develop in member or if shear
mechanisms dominates. Assume that
Vp is the shear corresponding to the
flexural plastic hinge failure mode of
the member

V _ Mg. I - Mil' r
p- L

If Vp > Vn• a potentially brittle shear
failure mechanism in the member can
be expected.

4. For the determination Qf the overall
collapse mechanism. assume initially that
the joints will perform elastically.

S. E represents the total applied scaled lateral
load. see Section I. and w represents the
weight and tributary dead load to the bent
urxIer consideration

6. Joint..Jhear capacity can be taken IS Vc ..
3.S "f'c plus VI' If the joint shear demand
from the critical overall collapse
mechanism is equal to or less than Vc +vs.
joint deterioration is likely. the concrete
shear contribution should be reduced based
on the ductility demand following the
column concrete shear reduction in Section
3.2. and the associated bent base shear
coefficient should be reduced accordingly.

7. Check analysis assumptions for footing
connection based on critical collapse
mechanism forces. e.g. uplift. latei J1
capacities. etc. and iterate if necessary.



Procedure

II. frame Evaluation

Commentary

lL frame Evaluation

bent 1

bent 2

~-- bent3v
l
_.

V1....'T "",.~.... dispI.

VbascJramc: =Vcr + I 'lwxx:iale

1. Detennine lateral frame capacity as

Eframc: = EI + E2 + ...

bent I bent 2 bent 3 E

p~ 1
E1

Neglecting torsional effects, eompare with
linear elastic spectral analysis values to
obtain Ihe required force reduction factor as

R - Edemand
w- Eframe

11lis force reduction factor is a measure for
the ductility demand assuming that force
redistribution between bents in a frame is
possible. Use cracked sections for spectral
analysis, i.e. beams I =0.3 II' columns Ps=
2.5%,1 =0.5 Ig• and Ps =75%, I = 0.7 Ig.

2. Dctennine the nominal base shear capacity 2. Define frame base shear capacity for the
for frame. formation of the first bent collapse

mechanism as

Capacity

V
cr

1. Based on individual bent capacities.
detcnnine total frame capacity and compare
with elastic demands from spectral analysis
to obtain characteristic frame force
reduction factor.

IlL Global SLrucNral Considerations

1. Repeat spectral analysis for a multi-frame
assembly with limiting critical boundary
conditions to check global validity of force
reduction values and need for retrofit. If
failure response mode is in flexure, force
reduction factors of 2 or less are acceptable
without retrofit If force reduction demand
> 2 retrofit ~uired. If failure response
mode includes shear mechanisms or joint
failure. a force reduction demand > I
requires retrofit.

2. Check longitudinal structural response.
particularly tension in caps and outrigger
bents.

3. Define desirable ultimate response mode to
outline and design retrofit SU'aleIY.

III. Glpbal SWetvral Considerations

1. Spectral analysis based on linear elastic
cracked section properties should be
perfomed for a multi-frame assembly to
capture possible torsional effects, and
dynamic response characteristics of
geometrically complex reJions such as end
frames. onIoff ramps. curvature effects. etc.

For force reduction factors > 2, a detailed
analysis of actual duetillty capacities based
on advanced section analysis models can
show that no retrofit is required.

2 The longitudinal response of individual
frames needs to be evaluated. Particular
attention is required for determining
supel'SlJUClUre capacities and torsion effects
in caps and outrigger bents. Interaction of
mechanisms in the transverse and
longitudinal direction needs to be
considered.
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LARGE EARTHQUAKE COUNTERMEASURES
FOR BRIDGE SUBS~RUCTURES

ON THE TOMEI EXPRESSWAY

Toshikazu Tsubouchi (I)
Kenji Ohashi (IIj

Kazushige Arakawa (II)

SUMMARY

Forecasts have been made for many year warning of the possibility of
a major earthquake. similar in scale to the Great Kanto Earthquake, occur
ring in Japan. This, the predictions indicate. will be the Tokai
Earthquake believed to arise at the southern edge of a geographic region
equivalent to the center of the Japanese isles. In other words. the
tremor is predicted to have its center in Shizuoka prefecture. In readi
ness for the anticipated earthquake, countermeasurs--social and economic
ones-are being planned and executed.

The Japan Highway Public Corporation joins these efforts with the
investigation and implementation of countermeasures directed against the
possible Tokai Earthquake and its disastrous effects on the Tomei Ex
pressway passing through the risk area. While some of the details of
these planned countermeasures have already been reported, this paper
focuses on the methods for assessing earthquake resistance. This paper
follows an p.arlier publication on the subject and its aim is therefore to
present some actual examples of retrofit measures.

INTRODUCTION

The Tomei Expressway has served as a vital lifeline in Japan's traf
fic system since it was opened to the public in 1969. Linking the
country's major conurbations on its stretch from Tokyo through Yokohama to
Nagoya, it fulfils a most essential role in social and economic terms,
especially with the present accelerated growth of aotorization. To ensure
the functional availabili ty of this major road, further efforts are and
will be desirable to intensify road maintenance and management.

The Tomei Expressway passes through the Tokai region and the
southern fringe of Shizuoka prefecture will be the epicenter of an
earthquake, assumed to be of magnitude 8. This region has therefore be€n
designated as falling within the Tokai Earthquake retrofit zone under the
Special Measures for Major Earthquakes laid down by national government.
Similarly, the Tomei Expressway has been designated a Post-Tremor Emer
gency Transport Road.

Approximately 220km, or roughly 70% of the total length of the Tomei
Expressway l1e wi thin the region subject to intensified countermeasures
against the risks of an earthquake disaster. This stretch of the Ex
pressway has a total of 254 bridges. The designation of the Expressway as
a post-seismic Emergency Transportation Route gave rise to the need
to take sui table measures to retrofi t the bridges concerned. Since the
damage caused to the bridges will have a major effect on the restoration

(I) Manager, Second Maintenance Section. Tokyo First Operation Bureau.
Japan Highway Public Corporation

(II) Engineer, Second Maintenance Section. Tokyo First Operation Bureau,
Japan Highway Public Corporation
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work after the earthquake, the decision was taken to implement counter
measures specifically aimed at these bridges.

The most important anti-sei!>mic measure for a bridg(' is the preven
tion of its superstructure from falling. The countermeasures have there
fOloe concentrated on thp fortification of the bridges' substructures to
provide greater safety for the super·structure. To assess the resistnnce
of bridges' substructures to earthquakes and to conduct retrofi t tech
njques on the basis of unified principles. a Retrofit Meaures Investigat
ing Group was appointed to define the Specifications for the Investigating
of Seismic Retrofit Measures (Ref. 1). In addition to the preventive
measures to protect the general superstrutures and constructions (devices
for preventing superstructures from falling and length between the end of
the girder and the edge of the superstructure, etc.) the preventive
measures to safeguard against bridge collapse also concentrate on the sub
structures.

This paper introduces the above guideline specifications and
describes some examples of how retrofit techniques are implemented on the
basis of these specifications.

ASSESSMENT

Procedure for Assessing Earthquake Resistance

The anti -seismic assessment procedure for bridge is summed up in
Fig. 1.

Resistance to earthquake is assessed by estimating the liquefaction
behavior of the surrounding soil base, the safety of the bridge pier and
foundation, and the safety of the abutment and backfill.

These investigations have been carried out on the basis of, and in
accordance with, the Specifications for the Investigation of Seismic
Retrofit Measures (Ref. 1), and this paper gives an outline of the assess
ment method. For fuller details, reference is made to the existing report
(Ref. 2) which has already been published.
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Fig.l Flow Chart Showing for Proceoure of Seismic Retrofitting for Bridges

-225-



Determining The Magnitude of Seismic Movement in The Affected Area

The size of the geographic fault associated with the anticipated
Tokai Earthquake nnd the location of this fault are as shown in Fig. 2.
The magn~tude of the earthquake is assumed to be 8.0.

The intensity of the earthquake considered likely to occur in the
Tokai Area, that is, the Tokai Earthquake. is evaluated in terms of the
design elastic seismic coefficient. The elastic seismic coefficient is
c!\lculated from the earthr::l'.:ake' s magni tude. the distance from the
epicentral area of the tremor to the bridge location, the ground class
ification. the natural period of the particular substructure concerned.
and the damping factor.

S~itQmQ. Pre./

r...J

\..
\

\
Gifu Pre. l

/

Aichi Pre.

/
' .

.".-"-.

o
I

Tokyo

50 km
I

Fig. 2 Fault Model for Earthquake Anticipated in the
Tokai Region end Geographic Zone Designated for
Intensive fortification Measures
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Assessment of Liquefaction Potential

The assessment of the liquefaction behavior of the soil surrounding
the bridge location involves the following procedure which is schemati-
cally shown in the flow chart Fig. 3·

a) Presence of a layer required for the assessment of soil liquefaction

behavior
b) Simple estimation of liquefaction potential from the resistance fac-

tor (I)
c) AssessmE''l t allowing for i rregulari ties in the soil's shear stress

(II)
d) Detailed assessment by dynamic analysis (Ill) if the earthquake is

considered to have a major effect on the structures.

(STUT)

[ RESEARCH FOR GROUND DAfA INVESTIOATED BEFORE OESI~

=::=:x==-
No ---=:-.::::- DOES SOIL..-----<::' EXIST WITIl LIOUEFACTION POTF:rrIAL

AT nf£ SITEI

Yes

l---AS~~'IENT USI/IG SIHPLlFIEO PRlQD;;;-L- OF LIQUEFACTION t..l}

Ilo

EXECUSIOH OF SOIL n:.sr TO Gl\~P TIlE
CHARACTERISTICS OF LEQutFACTION STllEllCll1

PRECISE ASSr.ssNDn' OF LIQUEFACTION POTgrrIAL @

NO

yes

[
£.Wt~/lAT;';:~--;;;- SArttY OF FOL"'DATlO~

All0 ABUTMENT BACkFI LL

-
Yes

DETAILED EX"'IINATION APPLYIIIO DYNAMIC A/IALYSIS ~

No

Yes

EXANINAlION OF [.(ECUTIOH OF RETIIOFlnINO

Pig. 3 Procedure for Examining Founda t 1'on R f_ etro itting by Considering
Soil Liquefaction
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modelled wi th a framework
analys is procedure which

Assessment of Bridge~~~rs

The seismic resistance of the bridge piers constructed from steel
reinforced concrete is verified for the cut-off points of the main rein
fOI'cing bars and the bottom of the pier. The examination procedure for
the bottom varies according to the failure pattern, that is. according as
to whether flexural or shear failure precedes. If flexural failure
precpdes. the ductility of the pier structure is examined. If failure oc
curs in the shear mode, the shear capacity is examined.

Thus. the cut-off points are examined on the basis of either their
flexural capacity or their shear capacity. Fig. 4 shows the examination
pr~cedure for a columr-type or wall-type pier.

If the pier is a frame structure. it is
structure to examine the cross-sE'ction by an
takes the non-linear behavior into account.

- S~
~LlMINARY IN';ESTlGATION ON DESIGN AND SITEL.... '<;PClJ};D CONDITION INCLUDING SEISMIC COEfFICEIENT Y.h

'- .. ----- --[ -CA~~TI~~F .Khe;·=.J -----

,-------·-----------y0~

S~EAR FAILURE
P~ECEDES

--- ----_._~

ASSESSME.NT
Ul~m ~H5l:N OUT

R£TIlOFITTI'-'G
r~~===~~~~~~a'-------L.4 EXISTING PIER

'----_.__.: --~~

LAAO£R llHN COMP'RISON
'--_.P_I.c.I'l\_BO_TI_OM ---< -----APPLIED NORIZOIlTAL FORCE AT PIER 8Cl'rfCXol
r- c--~~~'IT1i T1i~T AT ClIT-OFf fOIKT IN EACH CASE OF

ULTlMATE LlNIT snTE Of SHEAR AND
FLEXURAL FA I LURE

Fig. 4 Procedure ror Evaluating Vulnerability of RC Piers
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There are essentially three different types of foundation in use;
spread foundations. pi Ie foundations. and caisson foundations.

For spread foundations. the perpendicular ground reRction is ex
amined in terms of the ultimate perpendicular bearing capacity and the
horizontal load in terms of thp ultimate horizontal bearing capacity. The
overturning movement is examined in terms of the moment of resistance with
respect to the moment of overturn at the end face of the foundation.

For pile foundatinns. both thp perpendicular and the horizontal
loads are supported by the pile alone so that the reaction at the pile
head is examined in terms of the ultimate bearing capacity. The sectional
forces acting on the pile are examined in terms of the carJaci ty of the
pile. The displacement of the pile foundation is examined in terms of the
degree to which it is possible to safeguard seismic res istance for the
bridge as a whole.

For caisson foundations. the perpendicular ground reaction is deter
mined in terms of the ultimate perpendicular bearing capaci ty and the
horizontal load in terms of the ultimate horizontal bearing capacity. The
moment of overturn is examined on the basis of the ultimate moment of
resistance, consisting of the ultimate perpendicular and ultimate horizon
tal bearing capacity. The displacement of caisson foundations is examined
in terms of the degree to which it is possible to safeguard seismic resis
tance for the bridge as a whole.

Abutments and Backfills

The seismic resistance of the abutments is determined by examining
the capacity in the ultimate condition of sectional failure.

Backfill assessment is carried out by the circular sliding method.
Ini Hally, the safety factor is determined by assuming that there is no
abutment. If this factor has a value of 1.0 or less, the abutment piles
are considered as being landslide-suppressing piles and the safety factor
is then investigated on this basis.

Fig. 5 shows the procedure for examining the seismic resistance of
the abutments and backfills.
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Fig. 5 Procedure for Examining the Seismic Resistance of
Abutments and Backfills

RETROFITTING MEASURES AND SUITABLE EXAMPLES

Structures and Methods for Retrofitting

The above methods are used to study the seismic capacity of the
bridges in the area assumed to be in the disaster zone of the anticipated
Tokai Earthquake. If these assessment procedures demonstrate that seismic
resistance cannot be assured. suitable countermeasures must be taken.

Table 1 sums up the countermeasures employed for the bridges on the
Tomei Expressway. When it has been concluded that the soi 1 surrounding
the bridges is liable to liquefaction. this is reflected in the examina
tion of the structures. For the foundation structures such as the pil~s,

seismic resistance is examined by reducing the soil factors such as the
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modulus of deformation. The procedure used for determining the sl ide
safety factor of ~ircular sliding on the backfill takes the rise in pore
water pressure in the liquefied stratum into account.

Table - 1 Countermeasures Applied to Bridges

Target Structure Countermeasure Bridges Mainly Affected

Pier Re lining Torisaka Viaduct
Sugegaya Viaduct

RC shear wall Nagasaki Viaduct
Nishiokazu Viaduct

Foundation Pile increase Osakagawa Bridge
Kuno Viaduct

Backfill Coffering with steel Nagamachi Bl'idge
pipe piles Enoo Bridge

Counterweight fill Nagasaki Viaduct
construction

These typical countermeasures are explained below in closer detail.

Example 1 : RC Lining

The provision of an RC lining is one of the retrofitting methods
available for pillar-type or wall-type piers. There are various prece
dents in which retrofitting has been attempted with an RC lining. and to
explain the method let us here introduce the RC lining retrofitted on the
Torisaka Viaduct.

The Torisaka Viaduct is a bridge construction with a total bridge
length of 218m. Its substructure consists of 12 piers and 2 abutments.
Its superstructure consists of continuous 5+4+4 span RC hollow slab-bridge
sections. Fig. 6 is a general view of the viaduct bridge. The piers are
of double-pillar construction and the pile foundation consists of 508mm
diameter steel-pipe piles.

The seismic resistance of the piel' structure is investigated as
shown in Fig. 4. The converted elastic seismic coefficient (Kheq) used
for examining the seismic resistance is determined from factors such as
the nature of the soil and the natural period of the substructure. The
values are presented in Table 2. These values for the elastic seismic
coefficient were used to check the ductility of the base sections of the
typical piers. The results are shown in Table 3 and demonstrate that the
base sections of the piers are safe. The seismic resistance of the cut
off points were investigated by comparing the acting moment of bending (M)
and the bending capacity (Mu) applicable when the ultimate load acts on
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the cut-off points. Table 4 gives the results. In the axial direction of
the bridge P7. M becomes greater than Mu. For the movable piers Pl. P5.
and P9. M is smaller than Mu so that their safety is assured. In view of
these results. the decision was taken to effect retrofitting work on piers
P2. P3. p4. p6. P7. PII. and P12. with the reinforcement design aimed at
the fixed piers similar in design to pier P7.

218 tTl1-----------------='--'--"-----------------1
I 84 67 67

For NllgOYll r---~-----'-----r_
~ I RC Hollow Slo.h I RC Hollow Slab RC Hallow Slo.b

\AM ~ ~ 1* W~M ~ 1M ~M M~M r ~ ~ M]t
ill \\ Iii Iii iIiIi Iii \ II Iii \ iii \ iii Iii iii iii \ iii \ ii III

P,

pile len\jth .l=27-0-33_0m

Fig. 6 General Schematic View of the Torisaka Viaduct Eridge

Table 2 - Converted Elastic Seismic Coefficient (Kheq)

PI P2 P3 p4 P5

Al Bridge axis 0.51 0.87 0.87 0.87 0·51
I

P5 Perpendicular 0.66 0.66 0.66 0.66 0.66 I

--------------------- P5 p6 P7 p8 P9

P5 Bridge axis 0.51 1.07 1.07 0.52 0·53
I

P9 Perpendicular 0.66 0.66 0.66 0.66 0.66
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Table 3 - Determination of the Ductility Factor (W) for the Pier
Ease Sections

I-~----~~- --------~
-- ~-

Oy(cm) 6u(cm) l;B=~u/0Y 0o{cm) ~ ="o!CY ~ a) lJ

~--~

Bridge axis ll.25 32.2 6.0 3·25 0.76 OK
P1

f----.~

Perpendicular 3.ll6 44.8 6.0 1.40 O.ll6 OK

Bridge axis 4.21 35.1 6.0 2.90 0.69 OK
P5

Perpendicular 3·38 54.6 6.0 5·80 1. 72 OK

Bridge axis Lt.76 23.4 Lt.9 15.89 3.3Lt OK
P7

Perpendicular 3·Lt1 52.7 6.0 6.73 1.97 OK

Bridge axis 4.71 39.B 60 4.24 0·90 OK
P9

Perpendicular 2.25 68.0 6.0 7.62 3·39 OK

oy Displacement when steel reinforcing bar yields (em)
6u Ultimate displacement (em)
lJa Allowable ductility factor
60 Actual horizontal displacement after allowing for the

ductility of the pier base sections (em)
lJ Ductility factor

Table 4 - Examination of Flexural Capacity for the Cut-off Points

---------- Po(tf) h(III) M(tfm) Mu(tfm) M<Mu

-----Bridge axis 32.8 4.73 155.1 223.0 OK
P1

Perpendicular 30.2 5·82 175·8 354 .3 OK

Bridge axis 1B.ll 4.93 90.7 172.1 OK
P5

Perpendicular 60.1 6.01 361.2 373.4 OK

Bridge axis 133.2 5.03 670.0 338.7 OtrT
P7

Perpendicular 62.1 6.03 374.2 481.8 OK

Bridge axis 39·7 4.6ll 18ll.2 28ll.7 OK
P9

Perpendicular 91.6 6.90 632.0 786·5 OK

Po Converted horizontal force (tf)
h Height from position at which Po acts to the cut-off location (m)
M Action moment at cut-off location (tfm)
Mu Ultimate bending moment (tfm)
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The purpose of retrofitting the main steel-reinforced concrete cut
off points is to ensure that they are not damaged before damage occurs at
the base sections. The retrofitting work consists of a steel-reinforced
concrete lining applied around the rillar cross-section so that the
flexural capacity (Mu) after the retrofit will be greater than the acting
fl exural moment (~l). This means that the condi tion Mu > ~I is met. The
150mm thick concrete lining around the pillar has upright D22 steel in
serts. The space between the concrete lining and the old concrete forms
the joint and has been prepared with chipping 20mm of the thickness of
the surface of the old concrete. Fig. 7 shows a example of the RC lining
retrofit work.

I-I 2- 2

5-5

~!:!"~.!!~~ fhlPP.!!!i
It ! 20"'"'· I

"h' cofte,. tf
it. -: j70 m"'T-

3 - 3

6-6

Fig. 7 Example of Seismic Retrofit Using an Re Lining

-234-



Example 2 HC Shear Wall

The Nishiokazu Viaduct (Ref. 4) has frame-construction piers which
\o;cre retrofitted to render them earthquake-proof by erecting a steel
reinforced concrete (HC) shear wall designed to enhance thei r seismic
resistance through the construction of a wall between the pillars.

The superstructure of the Nishiokazu Viaduct consists of a con
tinuous five-span RC hollow slab and simple PC post-tensioning T beams.
Its substructure consists of two abutments and five piers over a total
bridge length of 10Jm. The piers are constructed so that Pl - p4 are
double-pillars while PS is a frame structure. The pile foundation con
sists of the 508mm diameter steel-piles. A schematic general view of the
viaduct bridge is presented in Fig. 8.

pile lenOlh 1.: 12.5 .... 210m

Fig. 8 Schematic General View of the Nishiokazu Viaduct Bridge

The seismic capacity of piers PI - P5 in the axial direction of the
bridge was investigated by the procedure shown in Fig. 4. Seismic
capacity of pier P5 in the direction perpendicular to the bridge axis was
studied by means of a non-linear analysis using 8 framework model since
this pier is a frame construction. The seismic capaci ty for P5 in the
direction perpendicular to the bridge axis is explained below.

The converted seismic coefficient (Kheq) of pier P5 is 0.88 in the
axial direction and 0.79 in the direction perpendicular to the axial
direction. The investigation results, obtained by entering the above con
verted seismic coefficient as the input data to verify the seismic resis
tance, indicated that there was no need for retrofitting in the axial
direction but that it was oecessary to retrofit the structure in the per
pendicular direction. The framework model for the perpendicular direction
is a planar model made from beam and pillars as the members and the pillar
bottoms for anchorage. Planar analysis was performed by applying the dead
load reaction force at the toP. the deadweight of the pier structures, and
the horizontal seismic forces equivalent to the seismic intensity. The
results of this analysis are collated in Fig. 9. A plastic hinge was
fou~d to form at the beam and the roots of the pillars on both sides. when
the elastic seismic coefficient (kh) became the converted elastic seismic
coefficient Kheq = 0.79.
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(1) Beam failu~e for Kh 0.58

(2) Pillar root failure for Kh 0.73

(3) Failure of both pillar roots for Kh = 0.79 (ultimate load)

Fig. 9 Formation of Plastic Hinge and Corresponding Elastic
Seismic Coefficient fo~ P5 in the Direction
Perpendicular to the Bridge Axis

When the beam and pillars are retrofitted separately, it is con
sidered difficult to retrofit the beam section. For this reason a seismic
shear wall was used with a simultaneous retrofit for the beam and pillars.
fig. 10 is a schematic view of the seismic shea~ wall whose shape was
determined by comparative shear capacity evaluation. In the examination,
the shear capacity (Qu) has to be greater than the acting shear force (S).
The shea~ capacity is the sum total of the pillars' shea~ capacity and the
shear capacity of th~ seismic shear wall. The acting shear force (S) is
multiplied the dead load of the super~tructure and the substructure
deadweight by the seismic coefficient. The results were 8S follows.

Qu = 627 tf > S = 448 tf
To bind the seismic shear wall to the subs tructure 0 a 20mm thick

chipping layer was applied and the 19mm dia. ancho~ rods were inserted
into the structure to achieve an integral structut"e. Since it is dif
ficult to cast concrete at the bottom of the beam, non-contracting mortar
was injected instead.
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I - I 2 - 2

4-4

Fig. 10 Ret~ofit Example Using a Seismic Shear Wall

Example 3: Pile Increase

Retrofitting measures on the Kuno Viaduct (Ref. 5) took the form of
pile increase at the foundation of abutment AI.

The superstructure of the Kuno Viaduct consists of continuous 2+3+3
steel span non-composite plate gi~de~s. Its subst~uctu~e consists of two
abutments and seven piers. with a total bridge length of 240m. The abut
ments are an inverted T-shaped construction and the piers have a 609mm
dia. steel-pipe pile foundation. Fig. 11 shows a schematic general view
of the bridge as 8 whole.

900 l~ Tokyo

pile lenOlh L :80- 300m
P6 P7 Az

240. om

PzP,AI

Na.qoya. F 60.0 90.0.-- . I Steel Pla.l. Girder r
~M'~' -1\ JJ\ --~. -t'-------c~;=-~ ~f'-------;Sf
I ~ IIII \ i I \ / 11\ / III \ II \

For

Fig. 11 Schematic General view of the Kuno Viaduct
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The seismic resistance of the foundation of aboutment Al was examined
by calculating its stability by the displacement method and by performing
a d~'namic analysis using the finite element method, The elastic seismic
coefficient was taken as kh ~ 0.37. the results of the stability calcula
tirm are gathered in Table 5. While the axial force is smAller than the
ultimate bearing capacity, the stress for the steel-pipe was 6,100
kg.f/sq. em, with the stress at the yield point being oy = 2,400 kg.f./sq.
cm.

Table 5 - Results of Stability Calculation

Unit Calculated Allowable Bearing
Value Capacity x Safety

Factor ~ Ultimate
Bearing Capacity

Axial force PN tf/each 200 130 * 2 = 260

Horizontal force PH tf/each 36 9 • 2 = 18

Pile head moment Mt tf leach -146 -

Maximum underground moment Mm tf/each -149 -

Horizontal displacement of mm 83 -
ground surface in design 0

Stress for pile as kgf/cm2 6.100 Stress at yield
point
Osy = 2,400

Seismic response analysis was carried out for the Al abutment and
the soil surrounding it. For the response analysis. the dynamic analysis
program FLUSH - a program using the finite element method - was employed.
The seismic movements entered as the input data were the seismic waves for
the Hachinohe port (superior for long-term components) and the Kaihoku
bridge (superior for short-term components). the maximum acceleration en
tered was 370 n 1. The results of the response analysis show that the
stress for the pile structure is 8.000 kg.f/sq.cm.

Lateral motion of abutment Al was confirmed from the inspection
results. Investigation by calculating the lateral motion led to the con
clusion that such motion is possible. Fur this reason. the decision was
taken to retrofit the abutment Ai foundation to ensure that a major
earthquake can be accommodated. This includes measures to meet the
lateral movements of abutment Al in the ordinary condition.
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Fig. 12 Example Seismic Retrofit Using Piles Increase
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The retrofit of the foundation was implemented by way of pile in
crease. Fig. 12 outlines the pile increase method in which steel-pipe
sheet piles foundations were laid at both sides of the abutment. The
steel-pipe/sheet piles on either side were joined with concrete beams
positioned in front of the abutment so that it will share the horizontal
force of the abutment. The abutment foundations, including the pile in
crease. were examined by performing dynamic analysis. The analysis
results indicate that the abutment's stress of the 60gmm dis. steel-pipe
pile is 2.300 kg.f/sq.cm. The new and old concrete were rendered in
tegral. using chipping and anchor steel bars.

Example 4 : Coffering by Execution of Steel-Pipe Piles

Coffering is designed to stabilize the backfill soil by using the
steel sheet piles or steel-pipe piles. An example of coffering can be
found at the Enoo8ridge (REF. 6).

The superstructure of the Enoo Bridge consists of continuous three
span non-composite plate g~rders. Its substructure consists of two abut
ments and two piers. with a total bridge length of 115m. The Al abutment
and the piers have the 609mll! die. steel-pipe plIes foundation. The A2
abutment has a spread foundation. Fig. 13 shows a s~hematic general view
of the bridge as a whole.

For
41.0 m 115.0 m

pile Ienllth L; 200 - 300m

I F~ Tokyo

/J!Y
Az

Fig. 13 Schematic General view of the Enoo Bridge

The seismic resistance of the backfill was examined, using the pro
cedure shown in Fig. 5. The elastic seismic coefficient for examining the
seismic resistance was taken as kh = 0.21. In the examination. attention
was primarily given to the transverse direction of the road by concentrat
ing on the backfill at the side of abutment AI. The safety factor for
circular sliding of the backfill soil is as shown in Fig. ]4, with a
numerical value under 1.0, the minimum value for the safety factor being
0.8. An elasticity analysis using the finite element method was performed
on the soil fill in the transverse direction of the road. The results
show that the horizontal displacement of the soil fill shoulder is 130cm.
This led to the decision to carry out a seismic retrofit to stabilize the
soil fill at abutm~nt AI.
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Fig. 14 Circular Slide Safety Factor

The soil backfill was carried out with a view to achieving a struc
ture offering a circular slide safety factor of 1.0 or better than 1.0.
The tight-fit steel-pipe piles were driven in near the outer end of the
soil fill. The pile heads were covered with concrete. The circular slide
safety factor after allowing for the steel-pipe piles were 1.3. Analysis
using the finite element method was carried out and the results indicate
that the horizontal displacement of the soil fill shoulder is 41cm. thus
clearly demonstrating the improvement achieved by retrofitting.
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Fig. 15 Example of Seismic Retrofitting by Coffering
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Example 5 : Counterweight Fill

Retrofitting measures were carried out on the back fill of the
Nagasaki Viaduct (Ref. 7) in the form of a counterweight fill.

The superstructure of the Nagasaki Viaduct consists of a continuous
eightfold simple PC pretension T beam arrangement. I ts substructure is
comprised of two abutments and seven piet's over a total bridge length of
100m. The pile foundations have 400mm diameter stpPl-reinforced (Re) con
crete piles. The abutments are of frame construction with a top bedplate.
There are three rows of pillars in the perpendicular direction. The back
fill forms a footing overspill. A schematic general view of the viaduct
bridge is presented in Fig. 16.

100 180

PC T- type Girder

A, P,

pile length R: 7.0m

Az

Fig. 16 Schematic General View of the Nagasaki Viaduct

The seismic resistance of the backfill was examined. using the pro
cedure shown in fig. 5. The elastic seismic coefficient for examining the
seismic resistance was taken as kh = 0.23. Examination was conducted on
the backfill at the side of abutment A2 by using the circular sliding
method for the direction of the road. The slide safety factor. allowing
only for the elastic seismic coefficient. was 1. 35. There is a sand
stratum underneath the bearing stratum of abutment A2, and the examination
results concerning the liquefaction behavior of this formation revealed a
distinct possibility of liquefaction. The effects of liquefaction of this
stratum formation were assessed in terms of the rise in pore water pres
sure, in other words. in terms of the reduction in effective stress, and
the slide safety factor was found to be 0.86, as shown in Fig. 17 (a).
Since the slide passes through the front end of the piles. it is con
sidered possible for the bridge to be liable to the risk of overturning.

Retrofitting of the backfill waR performed with a view to achieving
a circular slide safety factor in the 1.0. For this purpose. the counter
weight fill method was employed by making a low fill in front of the back
fill to increase its resistance. Fig. 18 gives a schematic general view
of the counterweight fill.
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(8) No measures

100

Fs min: 0.862

-10..9

(b) Construction of a Counterweight Fill

Fs min" 0.980

TP: o~.o+----------=:::::====::::::::_--~",-!JjffiJ.ii.1J,tl~--__---:tL__-

-0

Fig. 17 Circular Slide Safety Factor

As shown in Fig. 17 (b). the slide safety factor allowing for the
counterweight fill was approximately 1.0, with a value of 0.98 resulting.
when the rise in pore water pressure is taken into consideration. The
reason why no counterweight fill was made in front of the abutment is be
cause the area in front of the abutment is used as a road. The height of
the counterweight is roughly 3m.
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Fig. 18 Example of Seismic Retrofit Work Using a counterweight Fill
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Main Materials and Costs

Table 6 presents the main materials used and the costs involved in
the construction work undertaken to implement the above retrofit measures.

Table 6 Main Materials and Costs

Il-=lMain Materials
Counter- Name of Remarks
measures Bridge I

Steel-I Tie-! Soil

I

Conc- Steel Costs
rete Reinforc- Pipe Rods, Fill

ing Bars Piles IVolume (million
(m3 ) ( tf) (tf) (tf) (m3 ) yen)

RC Torisaka 196 34.7 - , - - 45 For 7
Lining Viaduct piers

Re Shear Nisiokazu 10 2.1 - - - 3 For 2
Wall Viaduct I piers

,

Piles Kuno 248 27.0 220.8
I

92- - For 1
Increase Viaduct pier

Coffer- Enoo - - 803·5 22.6 - 549 In 1
ing Bridge I location

Counter- Nagasaki - - - - 1515 - In 2
weight Viaduct location
Fill

CONCLUSION

The Japan Highway Public Corporation has established a record of ten
seismic retrofit construction projects on the bridges located on the Tomei
expressway. This paper presents five of the most typical examples of
these retrofit measures.

Further seismic retrofit measures are planned. These seismic
measures are establ ished. however. on a variety of assumptions on which
the calculations are based. These hypotheses include the anticipated
scale of the earthquake. the location of the seismic center. the structure
in the location concerned or its topography and geological formation. In
view of this. it is recognized that there are limits to the way in which
the problems can be handled by seismic retrofit measures alone. In this
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context, it is therefore felt essential to collect data on restoration
work. conduct disaster prevention exercises, study precedents of past dis
asters, and es tablish pos t-seismic inspection procedures. All of these
efforts should accompany and complement the seismic retrofi t measures to
ensure early road restoration in case of disaster.
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S. Unjoh( n )
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Pre~entlngAuthor: S. UnJoh

SlMIARY

This paper presents an experimental study on selsllic Inspection and
seismic strengthening methods for reinforced concrete bridge piers which
have termination of the main reinforcement, without enough anchorage
lengths, at mid-height. The effect of the anchorage length of the main
reinforcement was studied through the tests of 15 reinforced concrete pier
specimens. The effect of the length and thickness of a steel jacket. and the
use of Injected material between the existing concrete and the steel jacket
was also studied for developing a strengthening method.

IJn"RODUCTION

During recent earthquakes including the Mlyagi-ken-oki Earthquake of
1978 and the Urakawa-oki Earthquake of 1982. Il. 2. reinforced concrete piers
of highway bridges which have termination of lIlaln relnforcellent at
mid-height and short anchorage lengths have suffered serious damage.
Photos 1 and 2 show the daJllage to reinforced concrete piers at this zone.
Because the bending moment developed In the pier subjected to a lateral
force P decreases as the height froll the base increases, the aIIount of lIain
reinforcement Is generally decreased by terminating a number of bars at
mid-height as shown in FIC.I. For short piers constructed prior to 1980, half
of the reinforcement was terminated at approximately mid-height of the pier
because In the design specifications, it was stipulated that the
reinforcement can be ter.inated at the point 20 times of a dlueter of the
reinforcement higher than the point where the stress of reinforcement
decreases to 50' of the allowable stress, therefore, only this length was
generally provided. Since the duage to reinforced concrete piers at the
anchorage zone results In a brittle shear fallure. 3l

-cl such damage should
be prevented.

Through the past experiences of duage to piers, the design
specifications for highway bridges were revised In 1980,7) In which,
anchorage length was increased fro. 20 tilleS the dlueter of the
reinforcement to effective width of th~ pier plus 20 times of the diameter of
the reinforcement. The allowable stress of concrete for shear In the
anchorage zone also reduced by 33'.

( I ) Head, Earthquake Engineering Division, Earthquake Disaster
Prevention Department. Publlc Works Research Institute,
Ministry of Const~:'ctlon. Tsukuba Science City. 305, Japan

(n) Research Engineer. ditto
(ill) Assistant Research Engineer. ditto
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Because a large nUllber of piers were designed according to the
specifications Issued prior to 1980. Inspection and strengthening are
required for piers with this short anchorage length.

The Ministry of Construction made seismic Inspections of highway bridges
throughout the country In 1911. 1916, 1919 and 1986. In the latest Inspection.
approximately 40 thousand bridges were Inspected. and about 11 thousand
brIdges were found to requIre sEismic strengthening. Although most of these
bridges require Instltl1atlon of devices for preventing falling-off of the
superstructure. some bridges detected require strengthenIng measures
because of the short anchorage length of the main reinforcement In the pIer.

There are several possible ways to strengthen such reInforced concrete
piers. One method may be to place new reinforced concrete sectl3n around
the existing section to support the lateral load. Howe"oer. In this method.
the Increase of the mass of the pier tends to require an Increase of the load
resistance of the foundation. To avoid thIs situation. the pIer may be
strengthened by means of a steel jacket wrapped around the existing pier
and const ruct Ion will be simpler than addIng new reInforced concrete.

In order to develop a seismIc Inspection method and seIsmic
strengthening method for reinforced concrete brIdge piers which have hIgh
vulnerability to develop serious dlUlage at the mid-height where the main
reInforcement Is terminated during earthquakes. a series of dynamic loading
tests were conducted at the Public Works Research Institute, partially In
cooperation with the Metropolitan Expressway Public Corporation and the
Haoshln Expressway Public Corporation.

This paper presents some of the preliminary results of the studies of
effect of the anchorage length of the lIaln reinforcement and length of the
steel jacket required to prevent failure at the termination points.

TEST SPECIMENS AND EXPERIMENTAL SET-UP

a) Test specimens for evaluatlnc 'YUlnerablllty
In order to evaluate the failure mode of the reinforced concrete piers

wi th an Inadequate anchorage length of the main reinforcement. 7 specimens
wl:.h square sections of SOcmX SOcm were constructed as shown In Table I. The
scale of the specimens Is assumed to be about 1/5 of a prototype pier.

Among the 1 specimens. Specimens 1, 2. 3 and 4. which have a shear span
ratio of 5.4. were constructed with different anchorage lengths of main
reinforcement as shown In F....2. Other characteristics are the sue among
the four specimens. Forty deformed reinforcing bars (yield strength Is 3.000
kgf/cm2

) with a dlueter of 13_ were placed as main reinforcement so that
main reinforcement ratio was 2.03\ at the base. Round reinforcing bars (yield
strength Is 2.400 kgf/cm2

) with a diameter of 9mll were placed every 25cm as
tie reinforcement. The tie relnforce.ent ratio was 0.1\.

In Specimen 1. all reinforcement Is contlnuouc; froll the base to the top
without termination at mid-height. In Specimen 2, the main reinforcement Is
terminated at the point where the stress Induced In the reinforcement
becomes one half of the allowable stress. Therefore. no anchorage length
was provided In specimen 2. On the other hand. Specl.ens 3 and 4 were
constructed with anchorage lengths of D/2 and D. respectively. In whlr'h D
represents the width (= SOcm) of the pier.
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Specimens 10, 11 and 12 had a shear span ratio of 9.9. Although reinforced
concrete piers with such proportions are rarely adopted, the test was made
to study the mode of failure under the condition that the bending moment
will be more predominant than shear force In design. The layout of the main
and tic reinforcement were the same as Specimens I, 2, 3 and 4. Anchorage
lengths were 0, D/2 and D for Specimens 10, 11 and 12, respectively, as shown
In "'lg.3.

b) Test spccl.ens for verifying strengthcnlng IICthod
To study the effect of the steel jacket, 8 specimens were tested as shown

In Tablc 2. Specimens from 13 to 17 had a squarc section of 50cm x 50cm, and a
shear span ratio of 5.6 as shown In Fig.". Forty six deformed reinforcing
bars (yield strength is 3,000 kgf/em·), cach with a diameter of 10mm were
placed as main reinforcement. The main relnforcellent ratio was 1.31 \ at the
base. Round reinforcing bars (yield strength Is 2,400 kgf/em.?) with a
dIameter of 6mm were placed every 25cm as tie reinforcement. The tie
reinforcement ratio was 0.05\. The effectiveness of a Imm thick steel jacket
with the length of 10 was studied In Specimens 13 and 14. The steel jacket
was placed centrally about the termination point so that It covered the
region of D/2 above and below this point. Two types Qf material were
Injected between the steel Jacket and the surface of existing concrete pl£'rs
to Investigate their behaviour. They were nonshrlnklng C'oncrete mortar
(Specimen 13) and epoxy resin (Specimen 14). Because the length of a steel
jacket of 10 was not enough to prevent the failure at the termination point,
It was elongated to 1.50 for Speclllen 15 (concrete mortar) and Specillen 16
(epoxy resin) as will be described later. The steel jacket was placed over
the region D above and D/2 below the termination point, respectively. To
study effect of the thickness of steel Jacketing, a 0.61111 thick steel jacket
was used on Specimen 17. In which the epoxy resin was adopted for Injection.

Specimens 18, 19 and 20 had wall type construction with section
dimensions of 40cII x 160cII as shown In Fie. 5. SIxty four deformed reinforcing
bars (yield strength Is 3,000 kgf/clI£') with a diameter of 10ma were placed as
the main reinforcement. The .aln reinforcement ratio was 0.76\ at the base.
Round reinforcing bars (yield strength Is 2,400 kgf/CIl2

) with a diameter of
8mm were placed every 20clI. The tie reinforcement ratio Is 0.08". No
strengthening was performed on Specimen 18 which had no ancnorage length
of the main reinforcement. Specimens 19 and 20 were strengthened by steel
jackets wIth lengths of 1.5D and 2D, respectively, In which D represents the
width of the shorter side of the section. Concrete mortar was Injected Into
both specimens.

All specImens were laterally loaded at the top and were subjected to
axial loading as shown In Fle.S. An electro-hydraulic dynamic actuator and
static jack were used for the loading.

The specImens were subjected to a reversed cyclic lateral loading
history under displacement control as shown In Flg.7. It). 1 £') The load was
Incrementally Increased In about 10 steps up to the yielding of the main
reinforcement at the base. The dlsplacellent developed at the pier crest,
where the main reinforcement yielded at the base Is defined hereafter as the
yield displacement 0 0, and It Is used as a reference value to specify the



loading displacement applied to the specimens.
Extensive electric InstrumentatIon was used to measure and record the

basic deformatIon parameters such as the strain In the maIn and tie
reinforcement as well as the dIsplacement and acceleration at the loading
point.

VULNERABlLfn OF REINFORCED CONCRETE PIERS
W1TII INADEQUATE ANCHORAGE LENG11I

~ffcct ot Ancborlntlencth

a) Spccl.cn with shear span ratio ot 5.4
Flg.8 shows the effect of the anchorage length In the tests of SpecImens

I, 2, 3 and 4, wh Ich had square cross sections of 50cm x 50cm and a shear span
ratio of 5.4.

Flg.8(a) shows the failure mode of the specImens. In SpecImen I, In whIch
maIn reinforcement was contInuous from the bottom to the top without
termInation, flexural cracks were firstly developed at the base. As the
loadIng Increased, the cracks progressed and spaillng-off of the cover
concrete developed. The specimen fInally failed In flexure at the base.

In Specimen 2, which had zero anchorage length, flexural cracks were
firstly developed at the termination point. The flexural cracks progressed
and the specimen finally failed In shear at the termination point.

In Specimen 3, which had an anchorage length of D/2, flexural cracks
were developed at both the termination point and at the base of the pIer. As
the loading Increased, the cracks at the base progressed sIgnIficantly, and
the specimen finallY failed In flexure at the base.

In Specimen 4, whIch had an anchorage length of D. the failure mode was
almost same with that of Specimen 1. The anchorage length of D was
consIdered to be sufficient to prevent failure at the termination point.

Based on the test results of Specimens I, 2. 3 and 4, the position where
the cracks occurred was seen to gIve a IndIcation of the position where
faIlure would eventually occur.

FIg.a(b) cOllpares the strain Induced In the main reInforcement of the
specImens. It should be noted that the accuracy of straIn measurement over
about 3.000 # was poor due to the limited capability and damage of strain
gauges.

Larger strains were developed at the base In Specimens 1 and 4 while a
straIn as large as that at the base was developed at the termination poInt In
Specimens 2 and 3 and the strain at the termination point was larger In
Specimen 2 than In Specimen 3. This corresponds to the difference of the
failure mode observed In these specimens.

FIg.a(c) shows the envelope of load-displacement hysteresIs loops and
equivalent hysteresis duping ratio. It Is obvious that the lateral load
resl~ .ance of Speelllen 2, which failed at the terilination poInt, Is
considerably sllaller than that of other specimens. The equivalent damping
ratio did not seem to be affected directly by the failure mode.

b) Specimens with shear span ratio of 1.1
Flg.1 shows the effect of the anchorage length on Specimens 10, 11 and

12, which had the S8IIC square cross section (SOCII x SOCII) and a shear span
ratIo of 9.9.

-254-



FIg.9(a) shows the failure mode of the specimens. In Specimen 10, In which
no anchorage length was provided, flexural cracks were firstly developed at
the termination point. As the loadIng Increased, the cracks progressed and
spailing-off of the cover concrete developed. Although rupture of the main
reinforcement did not occur, the load r<~slstance of the pier suddenly
decreased In the first cycle to 50 D In plus direction, therefore testing was
terminated to protect the loading equipment. The specimen finally failed In
shear.

In Specimen I I, which had an anchorage length of D/2, flexural cracks
were developed at the termlnlltlon point as we]] as at the base as shown In
Jo'lg.IO. S lightly greater shear cracks were also Initiated at the termination
point during the cycles to 280. However, significant flexural cracks and
spailing-off of the cover concrete developed after the cycles to 3 «5" and
the specimen finally failed at the base. Tensile rupture of five reinforcing
!lars occurred at the base during the 660 loading.

In Specimen 12, which had an anchorage length of D, the flexural cracks
were developed at the base and a few cracks were observed at the
termination point. The specimen finally failed In flexural at the base.

1'lg.9(b) compares the strain Induced In the main reinforcement of these
specimens. The strain at the termination point and at the base reached the
yield strain (1,800 JI. ) during the I «5 0 loading In all specimens. As the
loading displacement Increased, the strain substantially Increased at these
two points. In Specimen 12, which failed In flexure at the base, the strain at
t he termInation point almost reached the yIeldIng strain even durIng the 1
5" loading. Although the difference In the straIn distrIbutions of the
~peclmens was small up to the 40 0 loading cycles It Is thought that the
difference In the straIns of the specImens \Iiould Increase after this value.

Flg.9(c) shows the envelope of the load-displacement hysteresis loops
and the equivalent hysteresIs dampIng ratio. NotIceable dIfferences In the
envelope are not observed up to the 400 loading where a sudden decrease of
the load occurred In the specimen 10, This corresponded to the faIlure at
the termInatIon point as was described above. Because the failure occurred
on the first loading to +580, the effect of failure was not observed In the
equivalent dampIng ratio.

SEISMIC STREI'fUl'llENING BY MEANS 01' A STEEL JACn.T

Flg.l1 shows the effect of the steel Jacket strengthening method on
Specimens 13, 14, 15, 16 and 17. The length of the steel jacket was the main
Interest In these tests.

Flg.lI(a) shows the failure lIode of the speclllens, In Specimens 13 (mortar
Injection) and Specimen 14 (epoxy resIn), which were strengthened with 10
long steel jackets. flexural cracks were developed at the base. As the
loading Increased, the cracks progressed, and the specimens finally failed In
flexure at the base. Flg.lI(b)(l) and (2) compare the straIn Induced In the
main reinforcement In Specimens 13 and 14. Although the straIn In the region
covered by the steel Jacket was sllall, the straIn at the upper end of the
steel Jacket reached the yielding strain during the 1 <5 0 loadIng cycles. It
became greater than the yielding straIn with Increasing loadIng
displacement. "'lg.12 compares the deformation, In the vertIcal direction,



Induced In the steel jacket. The strain was only about 10011 (Speclml~n IS) 
200 tL (Specimen 14) even during 3 <5 0 loading. As will be discussed later. the
strain Induced In Specimen 14 was slightly larger than that Induced In
Specimen 13. (This shows the difference of contact between the steel jaeket
and the concrete surface). After the 7 a ,-, loadIng cycles, the steel jacket
was taken out to Inspect the damage at the termination point. Al thOl!gh a
single moderate crack was developed as shown In Photo 3 and 4, progress of
the failure at the termination point was prevented by the s~pel jackpt. On)y
minor cracking occurred at the upper end of the Jacket. Based on the test
results. It was considered that thp length of 10 was Insufficient to prevent
fai lure at the termination point.

Specimen 15 (mortar Injection) and Specimen 16 (epoxy resin) were
strpnglhencd by a 1.50 long steel jacket and were then tested.

In Specimen 15, flexural cracks were developed at the base. However, as
the loa,11ng Increased. shear crack~: were developed at the lower end of the
stepi jacket and the specimen flnall.>' failed In shear at this zone as shown
In Jo'lg.ll(a)(3). The concrete mortar bdween the concrete surface and the
stepl jacket was crushed and t he steel jacket deformed as shown In Photo 5.
Jo'lg.ll(h)(3) shows the strain Induced In main reinforcement. During the 30 CJ

loading c,Ycles, It exceeded the ~1:~ld strain. The strain was slightly larger
at the lower end of the jacket. The tie reinforcement yielded during the 30 ,j

loading cycles and the concrete mortar was crushed and outward buckling of
steel Jacket occurred. Flg.13(1) shows the defermatlon, In the vertical
direction. Induced In the steel jacket. The straIn takes the maximum value at
the center of the jacket. The strain was about 1200 tL. which Is much larger
than that Induced In Specimen 13 whIch had a jacket length of 10. It means
that the steel jacket with length of 1.5D worked much effectively than the
steel jacket wIth length of 10. It should be noted that effect of the outward
buckling of the steel jacket which was described above cannot be clearly
set'n In Flg.13 because It shows the strain Df steel jacket In vertical
dIrectIon.

On the other hand. In SpecImen 16. flexural cracks were developed at the
base, where the specimen finally failed In flexure as shown In Photo 6. This
clearly showed the difference of the Injection material between the concrete
surface and the steel jacket. Epoxy resin wa!; better than the concrete
mortar In thIs test because separation of the steel jacket from the COliC rete
surface did not occur developed In the epoxy Injected specimen. However.
the effectiveness of such Injected materials has to be evaluated from other
viewpoInts such as durability for long-term use. As shown In Flg.ll(b)(4), the
straIn Induced In the main reInforcement was slightly smaller than that In
Specimen 15. Deformation of the steel Jacket In the vertical direction Is
almost the same as that of Specimen 15 as shown In Fle.13(2).

In Specimen 17. In whIch a thinner steel plate (t,.0.6mm) was used. The
faIlure mode was alllost the salle as that developed In SpecImen 15 (t"lmm).
The crushing of the steel occurred at the lower end of the jacket, and the
bond effect of epoxy resin were cut off during 4 ~ 0 loadIng cycles. The
deformation of the jacket were of the same order as that developed In
Specimen 15. The strain Induced In the lIaln reinforcement and strain of the
steel jacket In vertical direction were larger than those of Specimen 16 as
shown In Flg.1I(b)(5) and Fie. 13(3). This clearly shows the effect of the
different thIcknesses of the steel jacket.



Flg.14 st.ows the effect of the steel jacket strengthening method on
Specimens 18, 19 and '20.

Flg.14(a) shows the failure mode of the specimens. In Specimen 18, which
was not strengthened by the steel jacket, flexural cracks were developed
both at the termlnatlon point and at the base. As the loading Increased, the
cracks significantly progressed at the termination point until the specimen
finally falled at this zone.

In Specimen 19, which was strengthened by a 1.50 long steel jacket,
cracks progressed Ilt the base where the specimen finally failed In flexure.
When the steel jacket was removed from the concrete pier after the 7 «5 0

loading cycles, a horizontal crack was found at the termination point.
In Specimen 20 which was strengthened by a 20 long steel jacket, the

failure mode was almost Identical with that of Specimen 19. However, no crack
was observed at the termination point when the jacket was removed after the
7lJ 0 loading cycles.

Flg.l4(b) compares the strain Induced In the main reinforcement of
Specimens 19 and 20. Although, the strain Induced In the main reinforcement
at the strengthened region was less than 100 J.t up to 3 «5 0 loading In
Specimen 19, the strain suddenly Increased and exceeded the yielding strain
at the termination point during the 415 D loading cycles. On the other hand,
the strain Induced In the lDaln reinforcement at the strengthened zone was
small even during large dlsnlacements In Specimen 20. Therefore, 20 may be
required as a length of the steel jacket In order for the termination point
to have no effect. Fle.15 compares the strain Induced In the steel Jacket, In
the \'ertlcal direction, It Is very small, and tak.es a value of only 200J.t even
during the cycles to 3 15 0 and yielding of tie reinforcement was not
deve loped In Specillens 19 and 20.

..'lg.l4(c) shows the envelope of the load-displacement hysteresis loops
and the equivalent duping r'atlo. The load resistance of Specimen 18
suddenly decreased during the 515 0 loading cycles. The load resistance of
Specimens 19 and 20 Increased by about 10' than that of Specimen 18 when the
steel Jacket was used. The difference In the load resistance of Specimens 19
and 20 was Insignificant. The equivalent d8llplng ratio of Speclen 20 during
the 5150 and 66 0 loading cycles was smaller that of Specl.en 21 because the
number of main reinforcing bars ruptured at the base was greater than
Specimen 20.

EVALUATION OF VULNERABlLrn

Based on the tests described above, It lDay be Important to estimate the
strength of reinforced concrete piers at the termination point In relatIon
to the strength at the base. If the strength at the termInation point Is
smaller than that at the base, shear failure, which results In ext~nslve

damage In a brittle lIanner, Is likely to occur.
To evaluate the strength of piers, the load resIstance Is defined as

shown In Flg.IS In teras of the bending moment as

ST/s E

M·,T/MT

M.,E1MB
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where
failure mode factor
a factor representing the strength at the termination
point and at base, respectively
bending moment developed at the termInation point
and base, respectively when the pIer Is subjected to a
lateral force at top

M·, and M·yE-: yielding bendIng moment at termination point and at
base, respectively,

In Eqs.(2) and (3), the yielding bendIng moment Is defined as the bending
moment at which the reinforcement begins to yield. S" and S8 defined In
Eqs.(2) and (3) determine the likelihood of yIelding at the termination point
and base, respectIvely. If Mu T Is defined to be the bending moment developed
at the termInation point when MyE equals to My, Eq.(l) can be wrItten as

S = M..T/MoT (4)

Flg.17 shows how the failure mode factor varies along pier In the
Specimens I and 3. Specimen I failed at the termInation point while the
specimen :3 failed at the base. The failure mode factor S at the termination
point takes 0.92 and 1.1 In Specimen I and SpecImen 3, respectively. Although
the difference Is not necessarIly so large, it may be saId that the failure
mode factor may be used to IdentIfy the failure mode.

Flg.IS shows the failure mode factors at the termination point for all
specimens which have termInatIon of maIn reinforcement at mid -height.
Failure Is likely to be developed at the termInation point when the failure
mode factor Is less than 1.1 although there are some scatters. On the other
hand, flexural failure at the base tends to be developed when the failure
mode factor Is larger than or equal to 1.1.

Fig. 19 shows the distrIbution of the failure mode factor for Specimen 13
whIch was strengthened by the steel jacket. For computing the failure mode
factor by Eq.(l), It was assumed i..hat no separation Is developed between the
concrete surface and the steel jacket, and that the steel jacket behaves as
main reInforcement. The Increase of concrete strength and ductilIty by
Increasing the confining pressure by means of the steel jacket was
disregarded In the calculations.

Flg.20 shows the faIlure mode factor for all specImens "trengthened. The
minimum value of the failure mode factors at the upper end and lower end of
the steel jacket as well as at the termInation point Is presented In Fig.20.
All specimens strengthened failed at the base although two specimens
(Specimens 15 and 17) suffered outward deformation of the steel jacket and
shear failure occurred at the lower end of the jacketed zone. If such
failure can be regarded as .Inor, It may be said faIlure at the terminatIon
zone was prevented when the faIlure mode factor was larger than 1.1.
However. because the number of data Is Inadequate, this needs further study.
Special attention should be paid to study the difference of Injection
lIaterlal.

CONCLUDING JmlIARItS

For the evaluating selsllic vulnerability of reinforced concrete bridge
piers which have termination of main reinforcement and Inadequate anchorage
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length and for evaluat!lIJ{ effectIveness of repair by using steel jackets, a
series of dynamic loading tests were made on specimens with square and wall
type sections. Based on the test results presented herein, the following
cone Ius Ions are made:
l) For preventing shear failure at the termination point, the anchorage
length shou Id be longer than 10, where D Is the width of the cross section.
:0 Whether shear failure at the termination point Is developed or not may be
cvaluatcd by the failure mode factor S defined by Eq. (I). If the failure mode
faetor S Is smaller than 1.1, shear failure Is likely to be developed at the
termination point. When the failure mode factor S Is larger than or <,qual to
1.1, flexural faIlure at the base tends to be developed.
3) Stecl Jackets can be used to st rengthen piers vulnerable to shear failure
at the termination point. The minimum length of the steel jacket may be from
1.5 to 2.0 t1mcs the pier width D.
4) Epoxy resin seems better than concrete mortar as an Injection material,
h('('ause separation of steel jacket from concrete surface Is more restricted.
Ifowevcr effectiveness of the epoxy resin should be examined from other
aspects Including durability for long-term use. Usc of steel bars to anchor
the steel jacket as well as the con~rete mortar may be an alternative
approach to be studied.
5) For evaluating the effectiveness of steel Jackets, the failure mode factor
S by Eq.(ll may be used. Although further study Is required, It may be
tentatively said that failure at the termination point Is prevented If the
fall u re mode factor Is larger than 1. 1.
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Table 1 Test SpeclJlens for Evaluating Vulnerabllty

Speclaf!n No. S - I ! S - 2 S - 3 S - 4 S - I 0 S - I I S - I 2

Cross section [ca) 50)( 5f)

Covering Depth of Concrete [cal 3.5

Effective Height [cal ~50 460

Shear-Span Ratio 5.4 9.9

iMaterial and Dlaaeter [u) S030. 013

ITeralnation Point of Main
, i I

Without
,

110 135 160 180 205 230I
longitudinal Reinforceaent froa Base [cal Termination I i I

,

Reinforclne
Bar (Defo~ed Ratio of Relnforceaent I'] 2.03
Bar) (after Teralnatlon [\)) (1.02)

Yield Strength [kcf/ca2
] 3.144 I 3.525

Material and Dlaaeter [_] SR24. ~9

Hoop Tie Ratio of Relnforceaent ['I 0.10

I Yield Strength [kcf/ca2
] 2.776 i 2.910

I Material Portland
Ceaent

Concrete .. IMax Grain Size of Aggregate 10
I [-I

Unl-Axlal Strenrth [kef/ca'") 327 I 332 I 325 I 429 ! 429 I 409 , 390I

Direction of Loading I-direction

Velocity of Loadlnr [ca/sec] 5 I 10
Lateral
Force Nuaber at Loadlne for Each 10

Specific Dlsplaceaent

Loading Displaceaent [cal 1.3 I 4.25

Axial Force [tf) 4.11 I 25
Axial Force

IAxial Stress [kef/c.'") 1.64 10
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Table 2 Test Specmens for Verltylnc Strenct;benlnc Method

Specillen No. S - I 3 I S - I 4 , S - I 5 S - I 6 S - I 7 S - I 8 I S - 1 9 I S - 2 0

Cross Section [ell] SOx 50 40 x 160

Coverinc Depth of Concrete [cal 3.5

Effective Reicht [cal 260

Shear-Span Ratio 5.6 7.1

Material and Olueter [.IIJ S030. 010

Teralnatlon Point of !'lain 90 80
Loncltudlnal Relnforce_nt froll Base [ell]
Relnforclnc

Ratio of Relnforceaent [~J
,

Bar (Deforaed 1. 31 0.76
Bar) (after Terll1natlon [-Il (0.63) . (0.38)

Yield Strencth lk6ffcII'"] 3.640 I 4.173 I 3.640 I 4.173 I 3.740I

Material and Dlueter [a.1 SR24. ~ 6

Hoop Tie Ratio of Relnforceaent [%1 0.05 I 0.08

Yield Strenctb [kef/ca"] 2.501 I 4.423 i 2.501 I 4.423 I 3.637I I

Material Portland
Ceaent

Concrete Max Grain Size of Accreeate 10
[-I

Vnl-Axlal Strencth [k6t1clI"] I
I I i I ! I412 447 ! 460 I 363 447 360 336 426

Direction of Loadine I-direction

Velocity of LoadlnK [cli/sec] 5
Lateral
Force NUllber of Loadini for Each 10

Specific Displacelllent

Loading Dlsplaceaent [CID] 1.5
I

1.7i

Axlal Force [tf] 28.8
I

64I
Axial Force

Axial Stress [k6f1ca'"] 11. 52 I 10

Material SPCC
i

SPCC
I

SPCC I SPCC
I

SPCC I - ,
SPCC I SPCC

i (LSD. 1l I
i

(Width [cal. Thickness [_Il UO. 1l UO. 1l (I. 50, 1) (1.SD. 0.6) I I (1.50, 1) (20. 1)
Steel Jacket

I Epoxy Resin I Concrete Epoxy Resin I IConcreteInjection !'Iaterlal Concrete I EpOXY3 Resin - IConcrete
and Thickness [llal Mortar 20 I 3 Mortar 20 3 . Mortar 20 IMortar 20

Note) SPCC represents ·Cold Rolled Steel Sheet".
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SUMMARY

ThIs paper presents a .ethod of inspectIng, designing, and
strengthenin« the reInforced concrete (RiC) brIdge piers whIch are Judged
to have Inadequate strength against earthquake. On the Metropolitan
Expressway Route No.6, 36 RIC brIdge piers were selected for
strengthenIng. 9 piers were already Jacketed with steel plate and epoxy
resin based on the result of experi.ents. The thickness of the plate was
deter.Ined to be 6 .. , assu.Ing the plate would functIon co.plctely
together wIth reinforce.ent during earthquake. AesthetIc consideration was
gIven to the desIgn of anchors, color, and range of JacketIng plate.

INTRODUCTION

In Japan, two bIg earthquakes (Miyagi-ken-oki earthquake in 1978 and
Urakawa-oki earthquake In 1983) daaaged .any structures such as bridges and
so on. As a result. In April 1986. Ministry of Construction ordered the
followJng three types of inspection based on the notice titled "Regarding
the InspectIon of Existing Facilities for Seis.ic Safety". They are: (I)
The First Level Inspection Concerning Superstructures, (2) The Second
Level Inspection Concerning Soil Conditions, and (3) The Third Level
Inspection ConcernIng BrIdge PIers. The thIrd level InspectIon is to
check the safety of existing bridge piers In case of earthquake. The
necessity of the thIrd level Inspection ~o.es fro. a possibilIty that
exIsting RIC bridge pIers .ight lead to ductIle shear failure due to the
reduction in shear resistance caused by bending failure. Thus. the lack of
the develop.ent length of .aIn relnforce.ent tends to cause shear failure
at .id-height of RIC brIdge pier where part of aain reinforceaent is
ter.inated. Th~ faIlure Is expected to take place when designed using the
previous design code.

In 1980, "SpecifIcations for Highway Bridges (Substructures)" was
revIsed and the followIng articles concernIng the above were changed. (1)
The allowable shear stress of concrete was reduced (ArtIcle 3.2.2). (2J
The position where part of .ain reinforceaent was ter.Inated at .id-height
of RIC bridge pier was located at the effective height of aeaber higher
than before (Article 4.2.8).

(I) Head, DesIgn • Research DIvision, Engineering Departaent. The
Metropolitan Expressway Public Corporation. Tokyo 100. Japan

(II) Head. Maintenance Engineering Division. Maintenance' Facilities
Departaent, The Netropolitan Expressway Public Corporation, Tokyo
100, Japan

(III) Senior Engineer, DesIgn DivIsIon. Tokyo Naintenance Departaent, The
Netropolltan Expressway Public Corporation. Tokyo 106, Japan
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Consequently, The Metropolitan Expressway Public Corporation decided
to check the safety of existing R/C bridge piers In case of earthquake.
First. In 1986. the thIrd level InspectIon was carried out concerning the
existing RIC bridge piers and rough selection was .ade of the existing RIC
brIdge piers which .et the following design condItions; (1) The forth type
soil condition. (The Metropolitan Expres~way Route No.6, 7. and ~ shown In
FIg. 1, (2) Independent pIer with round or rectangular cross section, (3) 2
< hiD < 6, where hiD: Shear span ratio, h: Height of bridge pier colu.n,
and D: Dla.eter of bridge pier colu.n, and (4) (1) > 36 (t/.a ) or Sf < 1.2.
where (;): Applied shear stress at .Id-helght of R/C bridge pier where part
of .ain reinforce.ent Is ter.lnated (t/. 2

) and Sf: Safety factor to yield
strength at .Id-height of RIC brIdge pIer when' part of .aIII reinforce.cnt
Is tenlnated.

EXPERIMENTS ON STRENGTHENING METHODS

The result of the thIrd level InspectIon for checking the strength of
the RIC bridge piers IndIcated that 36 brIdge pIers dId not have enough
strength. It beca.e necessary to develop strengthening .ethod and to
strengthen the brIdge pIers I••edlatelY. Consequently. In 1987. PublIc
Works Research Institute of Ministry of Construction, The Metropolitan
Expressway Public Corporation, and The Uanshin Expressway Public
Corporation perfor.ed .odel experIments as JoInt research to establIsh a
guideline for seis.ic judgment. They were also ai.ed at affIr.lng the
effect of strengthenIng with steel Jacketing. The experI.ents were divIded
Into three parts and perfor.ed by each organization as follows; (1) PublIc
Works Research Institute of Ministry of Construction perfor.ed the
experi.ent on seis.lc judgment of R/C bridge piers at .id-height where part
of .ain relnforce.ent Is ter.lnated, (2) The Metropolitan Expressway PublIc
Corporation on the effect of strengthenIng R/C hollow brIdge pIer wIth
round cross sectIon, and (3) The Hanshin Expressway Public CorporatIon on
the effect of strengthening R/C bridge pier wIth rectangular cross sectIon.

The MetropolItan Expressway Public CorporatIon perfor.ed the
experi.ent on the effect of strengthening RiC hollow bridge pIers with
round cross section using four types of speci.ens. In the experI.ent,
steel Jacketing .ethod was adopted for strengthenIng, and dyna.ic loadIng
tests were carried out using four different specl.ens. Attention was paId
to the effect of the steel Jacketing width and the grouting between steel
jacketing and R/C bridge pIer. The four speci.ens used In the experl.ent
were as follows; (1) The specI.en without strengthening, (2) The specI.en
with steel Jacketing wIdth of 1.00 and ~Ith epoxy resin grouting, (3) The
specI.en with steel JacketIng width of 1.50 and wIth epoxy resin grouting,
and (4) The specl.en with steel JacketIng width of 1.50 and wlthQut epoxy
resin grouting, where 0: DIameter of R/C bridge pier. The steel plate was
jacketed 0.50 downwards, and 0.50 or 1.00 upwards fro. at .Id-height of RIC
brIdge pier where part of .aln reinforce.ent was ter.lnated.

The result of the experi.ents was su..arized a8 follows; (1) Only when
jacketed with the steel width of 1.50 with epoxy resin grouLlng, the
specl.en showed bending failure at the bottom of the pier, and showed no
Indication of failure at .Id-height, (2) When jacketed with the steel wIdth
of 1.5D without epoxy r~ In groutIng, the specI.en showed failure at .Id
heIght after the buckling of steel Jacketing plate, and (3) The steel
jacketing .ethod could increase the ultl.ate strength of R/C brIdge pIers
by approxi.ately 30\. In addition, The Hanshln Expressway Public
Corporation perfor.ed the saae type of experi.ent using speci.ens wIth
rectangular cross section and obtained al.ost the same results.
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THE THIRD LEVEL SEISIltIC INSPECTION

In 1988, The Iltetropolitan Expressway Public Corporation perfor.ed the
detailed third level inspection again concerning 156 RIC bridge piers on
the Iltetropolitan Expressway Route No.6 using the design drawings and
doc'l_ents. Consequently, 36 RIC bridge piers were selected for
strengthening, which consist of 16 round solid piers, 9 round hollow piers,
and 11 rectangular solid pIers. The detailed design of strengthening was
.ade. Fig. 2 shows the procedures for the thIrd level Inspection. Table 1
shows the selected RiC bridge piers for strengthening.

D~slgn Conditions

The design conditions and checking .ethod for each fte. are; (1)
lIorizontal sels.lc design forces are kh=0.26 for brIdge pIer shorter than
15.0. and kh.=(.)xkh=1.25xO.26=O.33 for bridge piers higher than 15.0., (2)
Specified concrete co.pressive strength Is 270kg/c. 3 or 300kg/c.3 , (3)
Yield strength and ~odules of Elasticity of reinforcIng bar are 3,OOOkg/c.2

and 2.1xl08 kg/c. 3 , respectively.

Check for YieldIng Safety Factor

The yielding safety factor at .Id-helght of RiC bridge pIer where part
of .aln relnforce.ent was ter.lnated was checked based on the following
equation; Sf=~Rn/~cn 1.2 where MRn: Yield tending .o.ent at .id-height of
RIC brIdge ple~ where part of .ain relnforce.ent Is ter.Inated and Men:
applied bending .o.ent at .id-helght of RiC bridge pier where part of .ain
relnforce.ent Is ter.lnated.

The yield bending .o.ent MRn was calculated assu.ing that thp strain
of reInforcing bar (,) Is Ir;)s/Es and four forces (Applied axial force N
and induced co.pression and tension forces at the RiC cross section) are
balanced (Fig. 3). The stresses of concrete and reinforcing bar are
obtaIned fro. the relationship between stress anu strain (Fig. 4). Fig. 5
shows the relationshIp between the a.ount of relnforce.ent and yield .o.ent
for a RiC bridge pier with a round cross section wIth the diaaeter of 3.0.
when an axial force of 900 ton is applied.

Checking for Average Shear Stress

'ine average shear stress at .Id-height of RIC bridge pier where part
of .ain relnforce.ent was ter.inated was checked using the follOWing
equation; I' ).=Scn/Ac«l )'al, where Sen: applied shear force at .id-height
of RIC bridge pier where part of .aln reinforce.ent is ter.lnated (kg), and
Ac: Cross sectional area at .id-height of RIC bridge pier where part of
.aln reinforce.ent Is ter.inated (e.a ).

In addition, the allowable shear stress of concrete (1 )'a1 Is
calculated using the following equation; (,)' al= ('L) (1 )al, where (L) Is a
.ultiplier due to aXial coapression force and obtained fro. the following
equation; (L)=I+llIo/21l1<2.0, where Ill: Applied bending .o.ent at .id-helght of
RIC bridge pier where part of .aln reinforce.ent Is ter.inated and Mo: the
bending ao.ent which .akes stress at the extre.e tension ftber equal to 0.0
together with axial force, obtained fro. the follOWing equation;
Mo=N/Acxlc/Y, where N: Axial co.pressive force at .id-helght of RiC bridge
pier where part of .aln relnforce.ent Is ter.lnated (kg), Ac: Cross
sectional area at aid-height of RiC bridge pIer where part of .aln
reinforce.ent Is teralnated (c.3

), Ie: 1lI0.ent of inertia about centroid
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Selection of RIC Bridge Piers for Check

~--------·------------IDeSign Docuaents & Drawings I
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(Men, Scn)
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Yes
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No Strengthening Is Required

No

Strengthening is Required

Fig. 2 The 3rd Level Inspection Flowchart
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(On the Metropolitan Expressway Route No.6)

No. Pier Pier Type H(Coluan) D HID Original Strengthened(2)
No. (1) (a) (a) Sf T Sf T

1 167 ROSe 14.023 3.0 4.7 1.17 OK 1.40 -
2 186 ROSC 11.366 3.2 3.6 1. 00 OK 1.46 -
J 289 ROHC 7.685 3.0 2.6 OK 5.26 - Stirup
4 290 ROHC 8.251 3.0 2.8 OK 5.76 - Stirup
5 291 ROHC 10.363 2.5 4.1 OK 4.69 - Stirup
6 292 ROHC 10.702 3.0 3.6 1.16 6.34 1.68 Stirup
7 293 ROHC 10.702 3.0 3.6 1.16 6.34 1.68 Stirup
8 294 ROHC 10.872 2.5 4.3 1.14 5.63 1.62 Stirup
9 295 ROHC 11. 381 2.5 4.6 OK 5.33 - Stirup

10 296 ROHC 11.381 2.5 4.6 OK 5.33 - Stirup
11 297 ROHe 11. 381 2.5 4.6 OK 5.33 - Stirup
12 298 ROHC 9.951 3.0 3.3 OK 4.92 - Stirup
13 300 Rose 10.100 3.0 3.4 OK 4.50 - Stirup
14 301 Rose 10.100 3.0 3.4 OK 4.50 - Stirup
15 302 Rose 10.100 3.0 3.4 OK 4.50 - Stirup
16 303 ROSC 12.500 3.0 4.2 OK 4.55 - Stirup
17 304 Rose 10.800 3.0 3.6 OK 4.55 - Stirup
18 305 ROSC 13.500 3.0 4.5 1.00 OK 1.42 -
19 306 ROSC 12.800 3.0 4.3 1.08 OK 1.40 -
20 307 Rose 12.400 3.0 4.1 1.10 OK 1.45 -
21 308 ROSC 11.500 3.0 3.8 1.12 OK 1.62 -
22 311 ROSC 10.300 3.5 2.9 1.10 OK 1.46 -

23 312 ROSC 10.100 3.0 3.4 1.16 OK 1.50 -
24 313 ROSC 9.600 3.0 3.2 1.10 OK 1.45 -
25 315 Rose 9.600 3.0 3.2 1.08 4.57 1.38 Stirup
26 426-3 RESe 6.890 1.3x1.3 5.3 1.14 OK 1.85 -
27 426-4 RESC 5.460 1.3x1.3 4.2 1.19 OK 1.92 -
28 465 RESe 9.620 2.6x2.6 3.7 1.18 OK 1.68 -
29 496 RESC 5.042 3.0x2.5 2.0 1.04 OK 1.45 -
30 497 RESC 10.401 3.0x2.2 4.7 0.97 OK 1.27 -
31 503 RESC 9.248 3.0x2.2 4.2 0.88 OK 1.29 -
32 505 RESe 9.831 3.0)1;2.2 4.5 0.88 OK 1.29 -
33 509 RESC 7.517 2.0x2.0 3.8 0.81 OK 1. 75 -
34 514 RESC 9.100 2.0x2.0 4.6 0.96 OK 1. 75 -
35 515 RESC 10.289 3.0x2.2 4.7 1.07 OK 1.38 -
36 516 RESC 7.860 2.5x2.5 3.1 0.97 OK 1.82 -

(1) ROSC: Round Solid Coluan
ROHC: Round Hollow Coluan
RESC: Rectangular Solid Coluan

(2) In case strenghtened with 4.5.. thick plate

Table 1 Selected RiC Bridge Piers
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(C.·), and y: Distance between centroid and tension fiber (c.).

The inspectoin Indicated that 36 bridge piers were needed to
strengthen a.ong 156 on Metropolitan Expressway Route No. fi (16 round
piers, 9 round hollow piers, and 11 rectangular piers as shown in Table 1).
Fig. 6 shows where part of .aln reinforce.ent Is teralnated at aid-height
In one of the typical RiC bridge pier. Table 2 and 3 show the result of
safety check and cross sectional properties. respectively.

STRENGTHENISG DESIGS

Strengthening design was aade for the RIC bridge piers
judged to be necessary to strengthen accQrding to the selsalc
InspectIon. The steel JacketIng .ethod with epoxy resin was
strengthening based on the result of the experlaents of 1987.

Design for Selsale Load (After Coapletlon)

which were
third level
adopted for

When co.pleted. the steel Jacket is considered to function co.pletely
together with RIC brIdge pIer. Therefore, the thickness of the steel plate
was desIgned for bending .o.ent and horizontal force due to earthquake,
assuming the steel plate resists the seis.le loads in the sa.e way as
reinforce.cnt. As a result, the thickness of 4.5.. was calculated to be
enough. The steel plate of 6.. was. however, adopted to avoid defor.ation
during fabrication, shipping, and groutIng. The procedures for the desIgn
of thickness are; (I) In case yield safety factor Sf<I.2. the steel plate
Is transfor.ed to reinforce.ent and the thicknes~ is deter.ined to .ake Sf
.ore than 1.2 at aId-height of RiC bridge pier where part of aain
reinforce.ent is ter.inated, (2) In case an average shear stress
( ; la>( I)' 'a. the steel plate is transfor.ed to relnforce.ent and the
thirkness is deter.ined treating it as stirrup. Thus. one half of the load
Is carried by concrete. while the other half carried by reinforce.ent. The
required aaount of relnforce.ent as stirrup is obtained froa
"Specifications for Highway Bridges: (Substructures) 4.2.7".

DesIgn for Grouting Pressure of ResIn (DurIng Construction)

Since the height of Jacketing plate reaches several .eters. the steel
plate is subjected to bending .oaent and tension force due to grouting
pressure during resin grouting. Consequently, excessive stress and
defor.ation are elpected in the steel plate. The steel plate is anchored
wIth anchor bolts with adequate intervals to reduce excessIve stress and
defor.atlon.

The anchor bolts pitch Is designed for the stresses In the steel
plate. the defor.ation. and the pUll-out force of the anchor bolts due to
the Internal pressure, assuaing the resIn grouting pressure shows hydraulic
pressure distrIbutIon. FEN was used for analyzing the defor.ation and
stresses. It turned out to be enough to reinforce the steel plate of round
RiC bridge pier with anchor bolts with a 100c. interval. As for the steel
plate of rectangular bridge pier, the defor.ation was calculated to be
elcessive. Therefore. the anchor pitch was deteralned to be 50ca to avoid
excessive defor.atlon.

The range of strengthening bridge pier was deteralned to be fro. the
ground level to just below the beaa to reduce the anxiety of the public as
well as to i.prove appearance. although the experi.ent Indicated 1.50 (0.5D
downwards and 1.00 upwards) was enough at .id-height of RIC brIdge pier



Section Cross-sec- Yield safety factor Average sheare stresstional forces
III 2185.8
(h) Sf " 1.17 < 1.2 Ta • 275900/70686
N 836.3 out " 3.90 <1a"4.50kg/1 (t) O.K. caa

S n5.9(t)
III 2981.3(ta) Sf = 1.12 < 1. 2 Ta " 292300/70686

2 N 885.8 out z 4.14 <Ta=4.43kg/
(t) O.K. caa

S 292.3(t)
III 3129.6(ta) Sf = 1.30 > 1.2 Ta = 298100/70686

3 N 903.4 O.K. • 4.22 <T a=4.42kp/
(t) O.K. caa

S 298.1(t)

Average sheare stress Ta = S/Ac

Table 2 Result of Check for Safety Factor

Section 2 of llIukojl.a 308 Bridge Pier

Outer Radius of Section Ro ca 150.00

Distance to Reinforcing Bar Rs ca 136.70

Sectional Area of 1 Reinforcing Bar As caa 11.40

Nuaber of Reinforcing Bars Ns 90

Specified Concrete Coapressive Strength (o)ck kg/caa 270.0

Yield Stress of Reinforceaent (o)sy kg/caa 3000.0

Modulus of Elasticity of Relnforceaent Es kg/caa 2100000.0

Applied Bending Moaent llIen ta 2981.3

Applied Axial Force N t 885.80

Distance to Neutral Axis x ca 102.502

Yield 1lI0aent IlIRn ta 3341.09

Yield Safety Factor Sf 1.121

Table 3 Sectional Properties

-289-



where part of .ain reinforce.ent is ter.inated.

The strengthening .ethod is su..arized as follows; (1) Strengthening
.ethod: Steel jacketing .ethod with epoxy resin grouted between steel plate
and concrete, (2) Strengthening range: Fro. the ground level to just below
the beaa. (3) Steel plate: Thickness t=6alll, and asterial 5S41, (4)
Thickness of resin grouting: t=3... (5) Anchor pitch: IOOc. for a round
column and 50ca for a rectangular colu.n, and (6) Anchor bolts: M16
concrete bolt with countersunk and chipped head for aesthetic appearance.
Fig. 7 shows how to strengthen an RiC bridge pier.

FIELD WORKS OF STRENGTHENING RiC BRIDGE PIER

In 1989. 9 RIC bridge piers were Jacketed with stepl plate in Mukojima
area on Metropolitan Expressway Route NO.6. fig. 8 sl.ows the fIeld works
procedures for strengthening RiC bridge pier at the construction site.
Fig. 9 and 10 show the RIC bridge pier before and after strengthenIng,
respectively.

SurveyIng

After setting up work platfor. (Fig. 11), the detailed surveying of
RiC bridge piers. including obstacles such as drainpipe and inspection
ladder, was carried out using survey equip.ents. The design for
fabrication was .ade based on the result of surveying.

Fabrication

The steel jacketing plate was fabricated according to the design
12). The procedures were; (l) Cutting and drilling. (2) Bending. (3)
blasting and pri.ary painting. and (4) Two coats of painting. SS41
was used.

Concrete Coating

(Fig.
Sand

steel

The surface of RiC bridge pier was cleaned with wire brush, sander, or
thinner (Fig. 13). The obstacles were .oved or re.oved if necessary. The
concrete surface without steel jacketing was coated with four coats of
resin.

Steel Jacketing

Te.porary angles were anchored to the RIC bridge pier to support the
steel jacketing plates at the required position. The jacketing plates were
transported to the construction site. and lifted to the designated position
by 5 ton crane (Fig. 14). The plate was placed on the angle. te.porarily
anchored. and wired. The erection was perfor.ed very carefully to avoid
the defor.ation of the steel plate. The pier was drilled. and concrete
anchor bolts were set into the drilled holes. The bolts with countersunk
and chipped h~ad were fixed to the anchor bolts with torque wrench.

The steel jacketing plate was carefully welded to one another fro. the
botto. to the top of the welding line while controlling welding te.perature
(Fig. 15). The defects found in the welding parts were repaired and
finished.
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Fig. 8 Field Works of RIC Pier Strengthening
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Fig. 9 Before Strengthening

Fig. 10 After Strengthening
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Epoxy Resin Grouting

Injection and air pipes were installed, and all the gaps in the
Jacketing plate were sealed with epoxy resin by hand. Epoxy resin was
grouted through the injection pipe fro. the botto. to the top with .anual
pu.p (Fig. 16). In general, 3.0. of grouting was perfor.ed at the ti.e.
and the procedure was repeated depending on the required height. When
epoxy resin hardened, the injection and air pipes were re.oved and
finished.

Painting of Steel Jacketing

For the aesthetic reason, the steel jacketing plate was painted In the
sa.e color as the concrete coating after cleaning the surface at the
construction site. The in-situ painting consists of five coats at Joint
parts and two coats at the rest, respectively.

CONCLUSIONS

It was al.ost
Public Corporation
Jacketing.

for th~ first ti.e for the
that R!C bridge piers were

Metropolitan Expressway
strengthened with steel

In the design, the following points were taken Into accounts; (1)
Anchor bolts with countersunk and chipped head were used for the appearance
after co.pletion, (2) To avoid giving an i.pression to the public that R!C
piers are strengthened as well as to I.prove the aesthetic appearance, the
surface of R!C brIdge pier without steel jacketing plate was coated In the
sa.e color as the steel plate, (3) Although the steel jacketing plate of
4.5•• was enough fro. the design point of view. 6.. thIck plate was used to
avoid defor.ation during fabrication, transporting, and grouting as well as
to use anchor bolts with countersunk and chipped head.

In the erection, the following points should be paid attention; (1)
Before the fabrication of steel jacketing plate the di.ensions of R!C
brIdge piers shOUld be .easured as accurately as possible, (2) To put
anchor bolts with countersunk and chipped head exactly into place, the
drillIng of holes In the steel plate for anchor bolts should be perfor.ed
as carefully as possible. and (3) In grouting resin. the height of grouting
should be controlled, and the defor.ation of steel plate be checked
especially In a rectangular RiC bridge pier.

As .entioned the above. the basic design for strengthening RIC bridge
piers on Metropolitan Expressway Route No. 6 was already finished in 1988.
9 RIC bridge piers maong the. were Jack~ted In 1989, and 6 are now beIng
strengthened. The rest of the. are scheduled to strengthen soon. Since
there are stIll so.e unknown factors especially In the erectIon. It wIll be
necessary to I.prove the desirn .ethod as well as to establish erectIon
techniques through the strengthening experience.
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Fig. 11 Work Platform

Fig. 12 Steel Plate Fabrication
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Fig. 13 Concrete Surface Treataent

Fig. 14 Erection
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Fig. 15 Welding

Fig. 16 Grouting

--:!':Ji -



References

1) The Metropolitan Expressway Public Corporation, "Experi.ent on
Strengthening Method of RiC Bridge Piers", March 1988.

2) The Metropolitan Expressway Public Corporation, "Structural Design 63
21", llIarch 1989.

3) Hlroo To.lnaga, "Strengthening Design of RiC Bridge Piers", llIaintenance
Technical Report 1989, pp. 4 - 7, The llIetropolitan Expressway PublIc
Corporation, March 1990.

-298-



SEISMIC STRENGTHENING METHOD FOR REINFORCED CONCRETE BRIDGE PIERS
ON HANSHIN EXPRESSWAY

Vasuo MATSUURA (I )
Ippei NAKAMURA (D)

Hiroshi SEKIMOTO (.)
~!_~senti!!L.-Author:Ippei NAKAMURA

SUM"ARY

This paper presents a series of investilations fro. inspection to field
.orks of reinforced concrete piers for the stren.thenin. alainst an earthquake.

When the anchorale lenlth of .ain reinforce.ent of the reinforced
concrete piers is insufficient. shear failure tends to cause at .id-hei.ht of
reinforced concrete piers where part of .ain reinforce.ent is ter.lnated.

As a result of investi.ation. steel jacketin• .ethod is effective for
seis.ic stren.theninl. Na.ely. it is a stren.thenin• .ethod which bind a
steel plate around a RC pier at its ter.ination section of ..in reinforce
~nts. The thickness of the steel plate is 6.. und the steel plate is jacketed
0.50 (where. D: the side lenlth of a square section) below and 1.00 above the
ter.ination section of the .ain reinforce.ents and with epaKY resin eroutin.
between steel plate and reinforced concrete pier.

INTRODUCTION

In the Off-Miyali Prefecture Earthquake in 1978 and the Off-Ura.a Earth
quake in 1982. both in Japan. reinforced concrete piers a~e bridee ~r.
suffered fro. severe da"les near the section of ter.lnation of the ..in rein
forcellents.

It see•• that the da...es near the ter.lnation section of the ..in rein
force.ents were due to brittle shear failure caused by a decrease in an effec
tive sectional area for shear acca.panied by fleKural crack. of concrete. when
the anchorine lenlth of the reinforee.ents .as not sufficient.
( I) Chief of Second hintenanee Section. Osaka lIanqe.ent Division.

Hanshin EKPressway Public Corporation,Osaka 541. Japan
(D) As.istant Chief En.ineer. lIaintenanee Rncineerinc Section. lIaintenanee

and ~acility De.len Division, Hanshin H.pres...y Public Corporation.
Osaka 541. Japan

(.) Civil Enlineer. hintenanee Encineerinc Section. lIaintenanee and
Facility De8ien Divi.ion. Hanshin E.pre•••ay Public Corporation,Osaka
541, Japan
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Therefore, in the Japanese Hilh.BY Bridle Specifications revised in 1980.
it is included that the allowable shearinl stress of concrete was lowered, and
the section of ter.ination of the aain reinforce.ents is to be eltended by a
length equal to an effective depth of a section of a .e.ber. beyond 8 point
where the reinforce.ents are not required in the strength calculation.

On the other hand. existing bridges constructed before 1980 took an in
spection in 1986 about the load-carrying capacity against an earthquake. As a
result, the piers of which the load-carryinl capacity was not sufficiently se
cured were urced to prepare for an earthquake. About SO piers a.anl the bridge
piers of the present Hanshin Expressway were required to be strenlthened
against an earthquake.

Hanshin Expressway Public Corporation, the Public Works Research Institu
te of the Ministry of Construction and Metropolitan Public Corporation carried
out a joint research on the .ethod of seis.ic strengtheninl. As a result. it
was reco.-ended as an effective strengtheninl .ethod to apply a binding up
with a steel plate around a pier. The width and thickness of the steel plate
and a filler aaterial required to fill a gap between the ~ier body and the
steel plate were proposed for the strenlthenin« desiln.

The Corporation, in order to study on the applicability of the proposed
.ethod to actual piers, carried out test works for existinl piers and exa~ned

the various design and works proble.s.

This paper presents an outline of a series of investilations fr~

inspection to field works of reinforced concrete piers for the strenlthening
acainst an earthquake.

1. 1986 Inspection of Existing Highway Bridles alainst Earthquake

1-1 Outline of inspection

This inspection followed an official ae.arando. about -the Inspection of
Public Facilities for Safety '&ain.t Earthquake-CNG.6 Docuaent of ·Street- Di
vision, City Bureau and No.5 Docuaent of ·Disaster Preven.ion- Division, Road
Bureau, both of the Ministry of Construction, both issued on the 4th of April.
(986). Throulh this inspection, the earthquake proofinl of existinl bridles
was evaluated. based on daBBles experienced at the Off-Urqa Earthquake in
1982. the Middle of Japan Sea Earthquake in 1983 and the Weat of Nacano Pre
fecture Earthquake in 1984.



Locations and ite.s for the inspection were classified by three staces of
inspection.

The first inspections are basic inspections of factors affectinl Ireatly
earthquake da.aces. and consist of surveys of defor.ation of super-structures.
sub-structures and supports of all of the eaistinl bridKes. surveys of appara
tuses to prevent the super-structures fro. fallinl down and surveys of earth
quake proofinl of the sub-structures.

The second inspections cover the ones of Iround liquefaction of bridles
and of the earthquake proofinc of the sub-structures by si.,le calculations of
strenKth of pier bodies and bearinl capacity of foundation piles. both for the
bridces which were evaluated to need further inspections.

The third inspections are carried out about the strenlth at the section
of ter.ination of the .ain reinforce.ents of reinforced concrete piers with a
rectanlular or circular section of the hilhway bridles which are supported by
a reinforced concrete sinlle colu~ and desilned before 1910. The inspection
ite.s are shown in Table-I.

The conditions requirinc a strenctheninc work after the third inspections
are as follows:

<D 2 < shear span ratio hID < 6.
GO subsurface Iround beloncs to the 4th Group.
aD safety factor for yield strencth at the section of ter.unation< 1.2

or sheariq stress at tile section of ter.ination~ 36tf/.l
•

Table-I It88s for 1916 Barthquake Proof Inspection of
Hich.a, Brldces

upper end of a footinl to lower end of

Sub-Third
Inspection

where.

Strencth at
structures Section of

lenination
of Nain
Reinforce.ents
of He Bridle
Piers

h =the distance fra

Shear Span Ratio (hID) :
h/D:a2. h/D~6. 2<h/D<6

---=--~-==-=-'--::--:-=-:-_---=-:----:'-::-:------:----

Ground Conditions Classification:
1st. 2nd, 3rd and 4th Group

Factor of Safety for Yield Strenlth
at Ter.unation Section of Nain
Reinforce8ltnts:

larler than 1.2 or s.aller
than 1.2

f------------,--,--,--~,___~-----

Shearinl Stress<36tf/.1

or~36tfl.1
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a bea.
D = the side leneth of a square section, or the side length in

direction perpendicular to bridle loneitudinal direction of
a rectaneular section with long sides and short sides

The results of the 1st and the 2nd inspection works for the aseis.ic
desien of bridges alonl the existing routs showed there was no questionable
..,.ber or ele..,nt observed.

The following records were obtained about the strength of 5275 RC bridge
piers designed before 1980 at the ter.ination section of asin reinforce..,nts
which were exa.ined by the 3rd inspection. In 115 piers, the shear span ratio
hID was between 2 and 6, and the subsurface ground belonged to the 4th Group.
In 51 piers, the safety for yield strenlth at their ter.lnation section of
.ain reinforce..,nts or the shearinl stress was questionable.

2. Design of A Seis.ic Strenghening Works

2-1 Verification test for a seis.ic st~~thenine

A test was carried out jointly with the Public Works Research Institute
of the Ninistry of Construction and the Netropolitan EKpressway Public Corpo
ration, ai.lne at verifyine the strengthenine effect of binding a steel plate
around a RC pier at its ter.lnation section of asin reinforce.ents.

The reason why the Bteel plate strenlhenine was applied to existine con
crete piers can be eaplained as follows. If reinforced concrete were CBst
around the eKisting RC piers, the strenltheninc work would have beco.e larcer
in scale; noise and vibration would have occurred due to chippine works for
joininl new concrete to old concrete; the intrince.ent to construction laUle
due to an increase of pier section; and an escessive increase of the pier
weicht would have been produced.

2-1-1 Nodel colu... speel_ns for test

Test colu~s for the esperi.ent ~eled piers with a square section which
were jud&ed to need reinfor~t at a ter.lnation section of ..in reinforce

.ents, as a result of the earthquake proof inspection of hiehway bridees
carried out in 1986.
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The size and shape of the test colu.ns are given in Fig.1. The test
colu.n for a pier with a square section is proyided with a sect ion of &Oc. X50
c., a shear span ratio of 5.3 and a loaded height of 2.6., all on a scale of
1/6. Further, an a80unt of rebars provided the test colu.ns observes the Ba8e

ratio of rebars as in the actual piers.

Four test cases were chosen by the width of steel jacket for binding, by
whether filler .aterial is provided between pier body and the steel jacket or
not, and by the type of the filler .aterial if it is used. The test colU8nS
were classified as follows:

Test Colu8n No. I square section, no reinforce8ent by steel plate,
Test Colu.n No.2: square section, binding .idth of 1.0 0 where 0 is a

length of sides of a colu8D section, and with non
shrinkage 80rtar injected,

Test Colu.n No.3 square section, binding .idth of 1.0 0, and with
epoxy resin injected,

Test Colu.n No.4 square section, binding .idth of 1.5 0, ~nd .ith
epoxy resin injected,

D~
I ;,()() I ~

Fig. 1 Shape and Size of Square Section Test Colu8DS
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The steel plate for bindinc is of SPCC (= cold-rolled steel) of 1.. in
thickness. For the test speci.ens of Nos. 2 and 3, a ranee of 0.5 0 above
and below a section of ter.ination of aain reinforce.ents, and for the test
speci.en of No.4, a ranee of 1.0 0 above and of 0.5 0 below the ter.ination
section, were binded with steel plates. The thickness of the filler
aaterial was 20.. for non-shrinkaee ~rtar and 3.. for epoIY resin.

2-1-2 Test .ethod

In the test, a test speciaan was horizontally set, and an aIial force of
28.8 tf for a square section was applied to the speci.en by a loadine device
of axial force. The axial force .as selected assu.ine a pier reaction fro. the
superstructure. Then, keepinc the aaial force loaded, a dyna~c load was
further applied.

At the dyna.ic test, alternate dyna.ic loads .ere eiven by an actuator
under displace.ent control in ter.s of positive and neeative displace.ents.
This forced displace.ents, which were intecer ~ltiples of the yieldine strain
6y of the pier colu~ (15.. for a square section), .ere applied to the top of
the test colu~ with 10 waves of the sine wave.

The yieldine here was chosen at a point where the strain (s took sudden
ly a laree a~unt aeainst an increase of the force P, in which P is an applied
force at the top of the test colu~ and (s is a strain of reinforce.ents on
the tension side at the extre.e fiber of the colu~ base.

Further, before the strain (s reached the yieldina, a load was statical
ly applied with a eradual increase at about 10 steps of positive and neeative
alternate loadina under load control.

2-1-3 Tep' results

(1) Fracture .ades

Fie. 2 shows fracture ~s of the test cDlu~s after the loadina tests
ended.
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Fil. 2 Orawinls of Fracture of Test Colu~s

In the Test Colu~s of No. 1 without steel plate reinforee.ent,
dialonal cracks occurred fro. 8 section of ter~nation of the ~in reinforce
.ents and failed at this section acco~nied by shear failure.

In Nos. 2 and 3 Test Colu..s which were binded by a steel plate with
1.0 0 width. the failure section .aved to the colu.. base.

In No.4 for which the bindinc width was 1.5 0, the failure occurred at
the base of the colu~s.

(2) Relationship between load and displace~t

The relationships between load and displaee.ent are liven in Fie. 3.
All of the Test Colu~s which were strencthened showed an increase of the
ulti.ate strencth by about 30 I in the .a.i.u., c~red with the No. 1 Test
Specisen without the reinforcesent of steel plate.
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(3) Strain distribution of aKial reinforce.ents

The distribution of strains in aKial rebars of the Test Colu~8 is aho.n
in Fig. 4. Since No. 1 Test Colu~ .ithout the reinforce.ent by a steel plate
had failed at the static test, the dyna.ie test of No. 1 Colu~ .as not
carried out.
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In Nos. 2 and 3 Test Colu.ns with a square section which were binded by
a steel plate over the width of 1.0 D, strains of rebars near the .iddle of
the steel plate were sEll, but reached the yielding under the 1.03 y dis
place.ent loading. The eKa.ination of the effect of injection of non-shrinkage
.artar and epoKY resin showed that restraint by the latter was ~re effective
than by the for.er.

In No.4 Test Colu.n with a rectangular section which was binded by a
steel plate over the width of 1.5 D, the colu.n reinforce~nts of the portion
blnded by the steel plate did not reach the yielding until 43 y loading.

(4) Su••ary - strengthening ~thod and stren«thening range -

The test results showed that the reinforce~nt for a HC bridge pier
applied to No.4 was at least required in ter.s of the strengthening ~thod

and range against an earthquake.

Na.ely, the steel plate jacketing ~thod at the section of ter.ination of
aain reinforce~nts proved to be effective against an earthquake by strength
ening over the width of about 1.5 D consisting of 1.0 0 above and 0.5 0 below
the ter.ination section. Also, it was required to inject non-shrinkage .artar
orepOKY resin between pier body and steel plate.

Metropolitan EKpressway Public Corporation carried out the sa~ type of
eKperi~nt using speci~ns with circular cross section and obtained al.est the
sa~ results.

Since basic ~thod8 and ranges of the strengthening alainst an earthquake
were verified by the eKperi~nt for confir~tion of the effect of the re
inforce~nt, further.ere, the desiln of the strengtheninl was eKa.lned and an
evaluation equation for strengthening standard was proposed. Infor~tion for
the eKa.ination was obtained fro. the results carried out at the Public ~orks

Heserch Institute of the Ninistry of Construction and Metropolitan HKpressway
Public Corporation in addition to the test results reported above.

Three para~ters were selected for an evaluation equation:
Q) Sfn =safety against yielding at checking section(ter.ination section}

GD f =~n shearing stress at checkinl section (ter.ination section)
n

CP S.u =ratio of Sfn to yielding at the base of colu.n.
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Since a colu~ failed at the section of ter.ination at the teata for even
shear apan ratio hID ~ 6.0. it vas elcluded fro. the para.eter. Table-3 aho.a
evaluation equations.

Table-3 Evaluation Equation of Standard Reinforce.ent aeainst Earthquake

3 S < 1.2 2 f > 4.2 kef/al 3 S <1.2
fn n ~

0) ~

1 S ~1.2 1 f S4.2ltd/al (3) 2 1.2 :;i;S <1.4
Cn n ~

Evaluation Equation P =(!).~.<:a> 1 S ~1.4

c .n
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It was proposed to deter.ine the strengthening range and steel plate
thickness for a seis.ic strengthening by the equation in Table-3

P=S 'r 'S :ill
c fn n .n

In general, steel plate thickness of 4.5•• was calculated to be suitable.
The steel plate of 6.. was, howevere, adopted to avoid deforaation during
fabrication, shipping, and grouting.

Sfn took the nu.ber of 3, since the safety factor less than 1.2 was

considered in the sa~ way as in the 1986 inspection for earthquake proofing
of highway bridges.

Since so.e test colu~s did not show the failure even when the shearing
stress r was over the allowable value, 't us classified by the allowable

n n

shearing stress with the upper li.it of Z.O.

The failure at the section of ter.ination .ight be brittle due to saall
toughness, and therefore the safety of the section was increased relatively.
Since S was less than 1.2 for the test colu~s which failed at the section of.n
ter.ination or at the section of ter.ination and of the base, 3,0 was proposed
for S.n
Further, since the reserved horizontal ultiaate strength even for the

safety factor larger than 1.2 was different fro. the strength for the safety
factor larger than 1.4, 2.0 was proposed to S for the factor saaller than.n
1.4.

3 Anti-Earthquake Strengthening Works

Fig. 5 shows the general drawing of strengthening works for earthquake
proofing, and the operation steps are as follows:

Preparation works => falseworks ereection ~ under treat~nt works =>
~asure~nt works ~ te-.orary anchoring => seat installation works ~ finish
ing of shop dra.ing => fabricating and straightening of steel plate ~ carry
ing in of steel plate => installation of steel plate ~ anchoring works =>
field welding => sealing .orks => injection works => finishing .orks => paint
ing ~false works re.aval => clearing a.ay.

-309--



,.1' III!,.

Fig. 5 General Drawing of A Seis.ic Reinforce~nt Works

To study on the applicability of a seis.ic stren«theninl works to site
conditions, test wor~s were carried out for the pier No.P-461 at the Airport
Line of the Hanshin ExpresswaY. The follo.inK ite.s .ere exa.ined:

CD flatness of surface of existin« pier colu~s which is i~rtant at the
ti.e of installation of a steel plate or of injection of a filler ~terial,

~ operation of installation of a lonl steel plate,
QD interval of anchor bolts and anchorinl conditions,
~ field weldin« works of reinforcin« steel plate and its heat effect,
~ installation works of reinforcin« steel plate,
~ properties of filler ~terial.

eo injection conditions of filler ~terial, etc.
For the co.parison of epoxy resin with non-shrinkale ~rtar as a filler

~terial, the properties of filler ~terials, conditions of injection of the
filler ~terials and the selection of the filler ~terial, are reported in
this paper.

3-2-1 Properties of filler ~terials

The basic properties of epoxy resin and non-shrinkale ~rtar .ere
verified in advance by indoor tests ( ~el injection test, physical and
che.ical properties test ). As a non-shrinkale ~rtar Iroup, in addition to
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non-shrinkage aortar. ce~nt grout aaterial. self-leveling floor bed .aterial.
poly~r ce~nt .aterial were tested. The perfor.ance required for the filler
aaterial was as follows:

aD easy operation and usefulness for injection into a s.all gap.
CID the approaiaately sa~ co.pressive strength ( ock~270 kgf/c.a

) as that
of pier concrete,

QV no breeding during injection of a filler .aterial.
~ no volu~ change during hardening of concrete.

Since the injection of epoay resin was experienced at steel plate bonding
works for slab repairing. there las no proble. for the injection into a 4 ••
width gap.

The indoor test revealed that about 10 •• lap was required for the Iroup
of non-shrinkage ~rtar. For this thickness for injection, all of the .ateri
als showed nearly satisfactory results about usefulness. strength and harden
ing conditions as the filler -aterial.

The aaxi.u. co.pressive force to which the reinforcing steel plate was
subjected during the injection, las a pressure near the injection point at the
lowest end of the steel plate, and it was nearly equal to side pressure due to
hydrostatic pressure produced by the difference of elevation of the injection
.aterial.

3-2-2 State of injection of filler aaterial

The exa.illation of injection operation of epoxy resin or non-shrinkale
aortar las carried out by a test lorks on the assu~tion that a reinforcing
steel plate of 6 • in height las installed around an existinl pier. The heilht
of 6 • las ~hosen. because the installation of a steel plate slightly larger
than a range necessary for the reinforce~nt was considered fro. the point of
scenery.

A supporting interval of anchor bolts for the installation of the steel
plate was deter.ined fro. pressure acting on the plate during the injection
works. Since a divided injection of 3 • in height was planned fro. the a.aunt
of pressure. the pressure for epoxy resin was chosen to be 0.3 + 0.1 k,f/.a

and the pressure for non-shrinka,e .artar to be 0.6 + 0.1 kgf/.a •

The supporting interval of anchor bolts was decided by an analysis of a
bendinl proble. of a plate supported by lines of colu~s with an equal inter
val, so that the deflection of the steel plate could be ..intained below 3 ...
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Thus, for epoxy resin, the support by one hole-in-ar.chor per 50 c.X50 c.
was necessary, and for non-shrinkage ~rtar a co.bined support of stagin«
.ubers( [- 300x90X9XI3 and [- 200X90X8XI3.5) and hole-in-anchors was
needed.

In a test injection, the 8Casure8Cnt of deflection and stress of an
installed stecl plate and of injection pressurc of a filler .aterial was
carried out.

Thc deflection of the steel plate was 8easured by a displace8Cnt 8Cter
of dial gaugc type, the stress by strain 8Cters affiled to the steel plate and
the injection pressure by a pressure 8Cter of dial gauge type.

~ig. 6 shows the .casure.ent records of the deflections of the installed
steel plate at the ti8C of injection of the epOll)' resin. The 8axi.u.
deflection was 2.89. he .alli.u. deflection of the plate during the injection
of non-shrinkage.artar was 2.87 •• which was below the allowable value of
3.0 •••

UDper Dart second Injection

lower part: first InJection

..i
IL
W'
0' I

I

....

-,

,,.....,,

: , I
1:':" t',l"" Id.,

of anchor bolt ( 0,26 mm )

I

I number of displacement meters

+ location of strain gauges

o location of anchor bolts

TIME --
Fig. 6 Record of Neasured Deflections of Installed Steel Plate

The stress on the installed steel plate during the injection was about
550 kgf/c.a for the epoll)' resin and about 750kgf/c.a for the non-shrinka«e



~rtar. both in the aBli.u•• The recorded injection pressures of the filler
aaterials were given in Fig. 7.
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">---""7'IiiT'i'4"J .~
2600...

o·--~'---cftt"

TIME

( b ) non-shrinksle .artsr

HEIGHT

fig. 7 Neasure.ent Record of Injection Pressure of Filler Naterials

For the epolY resin. the injection pressure was increased up to the
aBli.u. of 0.54 kcf/c.z to finish the injection for a certain test colu~. but
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in other cases. a pressure equal to a hydrostatic pressure due to the
difference of elevation of the filler was ~asured as in the indoor test.

3-2-3 Selection of filler aaterial

Hy the field test works stated above. it was verified that the installa
tion .cthod of a steel plate and the injection .ethod which were i.portant
during the injection works, were appropriate.

~or the selection of such a filler aaterial as non-shri,kage aortar or
epoxy resin,

(I) how the di fference of thickness necessary for injection ( 4 •• for epoxy
resin and 10 •• for non-shrinkage aortar ) affects the site conditions and
scenery, and

(~ how the difference of supporting ~thod of an installed steel plate ( only
bolting for epoxy resin. but co.bined bolting and staging for non-shrink
age aortar ) affects the site conditions, working conditions and scenery,
were investigated. Finally, the epoxy resin was selected.

;)-3 Anchor 80lt

Countersunk head bolt adopted by
reason of a fine sight. fig.8 shows
the anchor bolt which used in the field
works. In general. it is said that this
kind of bolt is weak against the pullout
force. Then iaproveaent of the fix anchor
and the the pullout force tests of
i.proved bolt with epoxy resin between
bolt and the drilled hole were carried out.
As a result. this anchor bolt could increase
the ultiaate the pullout strength and
decrease the deforaation.

3-4 ~ield Welding

F IX ANCHOR
_7;'''-'16 <a.H. sa)

rig.1 I.proved Anchor Bolt

The steel jacketing plates welded on condition that the route gap is 2 ...
While welding. the te.perature of the steel jacketing plate was about

I.~OO~ at the welding point. lOO~ at a distance of Se. fro. the welding
~Int and below 50~ at a distance of Se. fro. the welding point. Naxiau.
Inner stress by the conduction of heat was J04kllai and decreased to 88k«laI •

As a~ve. though the heat by welding was rather high at welding point.
the velOCIty of spreading was fast and there was no proble. about the welding.
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Conclusion

The "anshin Expressway Public Corporation started works for a seisaic
strengtheninl froa last year, based on the investilation results discussed
above. Since the works are aaintenance and repair works, there ailht be auch
restriction at the site and other various probleas. too, but it can be said
that the basic application of proposed strenltheninl aethods was confiraed.

A fundaaental idea for anti-earthquake desiln has aade prOlress and
expanded with newer experience of earthquake daaages. In future. the need for
ai.ilar a seisaic strengthening as proposed here will be pointed out further
for existing structures. In the aaintenance and aanaaeaent of continuously
elevated bridges such as seen in the Kanshin Express.ay, structural behavior
of the bridles and features of seisaic aotion. topography, and around have to
be grasped. At the saae tiae. it will be required that a series of structures
has to be prov ided with the salle delree of earthquake pr"oofinc.
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SUMMARY

('ollilps£> or s..w'rp damagp of a numbpr of California brid/!;ps in rpcent modPTate
(';11111 (i na kf's Ita,; f'lIlphasiz"d t 11(' np('d to devplop pffpct ivp rpt.rolit. mpasu fPS to enhance t.he
fJ,.;xnral strpngth and dlJrtility. and shear strength, of hridge columns def>igned hpfofl' the
fnrrpnt s"ismir dpsigll provisions. This paper reports on till' status and preliminary rpsults
of ,111 f'xtplIsivf' rf'sparch program currpntly in progress at the Univprsity of California, San
Dipgo to inwstigat(' ,'arious retrofit methods for ddicient bridgp columns. Results from the
first phas.· of t ...stinl!; indicatf's that s1\'('1 jacketing provides an effective means of enhancing
th" !lpxural p('rformancl' of tall circular columns. Similar enhancement of performancf' was
ohsPT, ...,1 for rpctan!1,ular columns Nlcas('d with elliptical shape jacket. The second phase of
u's('arch focuses on shear strength enhancement of short columns. Initiill results indicates
that. by pxt('l\(ling the cylindrical steel jacket over the full height of short columns, brittle
sh('ar failun' can bf' avoid..d and the column encouraged to exhibit ductile behavior.

INTRODUCTION

The 1071 San F..rnando Earthquake ill, the 1987 Whittier Earthquake [2], and the
1r)K!) Loma Prieta Earthquake [3] aB provided painful reminders of the potential hazard that
pxi~t ill many of th(' ol<l('r bridge struct.ures in the United States. Considerable progress
has mad(' by Cal trans in implementing retrofit measures to upgrade the seismic resistance
of t h('5(' hridges in California [4]. Deficiencies inherent in the columns of the older bridges
are inadequate flexural strength and ductility, undependable flexural capacity, inadequate
shpar ~trength, insufficient joint and footing strength. These problems ha.ve been discussed
in tlPtail dsewhf'Te [;l].

The current approach for seismic design of bridge columns relies on proper confine
IIlI'nl of th(· potential plastic hinge regions by closely-spacl'd transvers(' hoops or spirals.
Such pro\'i~ion allows the ultimate compressive strain to inc.cease from a value of ab(/ut
0.00.5 in unconfined concrete to a value of 0.03 or higher in confined concrete. The incf('ase
in ultimate wmpressive strain significantly enhances the ductility capacity of the concr;,te
section. l{ese1.rch results [6] have shown that weB confined columns can develop stable
hysteT('sis loops during inelastic cycling to displacement ductility factor exceeding six.

The same effective confinement can be provided to existing suhstandard circular
columns by ('ncasing the potential plastic hinge regions with a site-weld('d cylindrical steel

'Graduate Research AssistlLnt, University of California, San Diego. U.S.A.
2 Professors of Structural Engin....ring. University of California. San Diego, U.S.A.

-321-

Preceding page blank



sipI'\'(' or jack!'t. Thp jack!'t is introduc!'d slightly O\'NSIZ(' for ('<I.S(' of (·onstrudion. TIl('
gap hl'twp('n thl' ja(kf'l and column is sllhs('qu!'ntl~' filh·d with cI'IlH'nt·haspd grout. Thl'
USI' of a c1osl'·fitt,'d slp(·1 jack"1 10 a rpctangular column. how(,\'l'r. would not I,,· pffpctin'

ill f'nhitllrinJ?; till' flf'xural lH'ha\'ior. sincf' tllf' If'\'('I of COnfillf'lllf'nt a\'ailahll' df'\ll'lHls on thp

clIrvallJrI' nflll(' jitckf'1. Thl' out-of-plitllp flf'xihilily of til" rectangular ja"kpt canllot lirO"idp

pfff'cti\'" C<lIlfillf'lIH'nt to till' col II 11I11 ('XCf'pt at till" ja('kf't cOTlll'rs. Stiff.'nNs arl' rplJuin'd

oil tl", jackl'l tn illi"fl'asp Ill(' radial rf'Sistanfl' 10 IIII' f'xpansion of cow'r con(·r..11' wllicll

OCCllr, al largl' colullln lall'ral displarf'llH'lIt. lIowl'w'r, hy ('nral,ing 111(' r,'clalll?;ular column

witl, illl I'lliptiral jackl't. continuous rOnfilH'llll'lIt ran hI' acllil'vl'd in holh dirl'dions of lilP
COIUIlIIi. :\ sll/!J!;f'stl'd o!tI'TIlativp to a stiff('lIl'd rpdallJ?;ular jackl'l is to ihSplllhlp structural

st".·1 ('llolIlIl'ls illto all illlf'gral f'nc!osuf(' usillg hol1<·d COlllI('rtiolls whidl Ciln II(' ti/?;IIIPlI ..d

to indll('('d actin' confllH'nH'lIt to .1If' COIUIIlIi. Th(' gap Iwtw('('n till' cliallT]('1 sf'rtion alld

1'011111111 wOllld hI' fiJII'd willi "Ollcrf't.'.

'I'll,· failllrl' to prm'ick adl'lIlIatp tralls\'('rsl' stl'PI. as with till' pr(··]!)71 dl'sij?;lI, ma\'

I"ad to hrittlp slll'or failur,' in sllort columlls. with limit('(1 displacl'lIwnt ,J,lrtilitil's. Inf'la.'dic

cyclic rpspOIISf' of Ihpsl' ('ollllllns is rharactNiz(·t! hy poor ('IIPr!1;Y dissipat jllll, rapid st rpllgt h.

slilfll('ss alld physiral d('gradatioll. Till' US(' of stt'd jarkl'1 wOllld. in addilioll to provid(·

confinf'lllpllt. PllhallCl' tl", s!tpar strPlI!1;th of th(' COIIlIllIl. A satisfactnr.\' s]ll'ar rptrofit wOllld

1)(' to illcrpas(' tlw shear stfl'lIglh of tht· CO)III1111 to a I('\,pl abo\'(' tIll' fl,>xllral stf('n/?;th to

avoid hriltlf' shl'ar failufI'. illld tllp COIUIIIII aftN r('lrofit call I'xhihit ductil,· f!pxuraJ rl'SllOllSp.

For circular colulllns, a cylindrical jackt·t is appropriat(', whih' for rl'clall/!;lIlar COIUIIIIIS. an

dliptical jackpt is d(·siraLlp.

Hqi/;ardIPss of fl('xural or slwar rptrofit, tlIP jackpt is tt>rminatpd slightly short of Ilw

adjoillillj?; IIwmlH'r to ('llsurp that ollly cOllfinpml'lIt is pro\'idpd to Ihl' colul1ln COlierI'll".

ralliPr tholl all 11I('f('asp in thp sizl' of till' eritical S('('lion which ma)' illlfl'aSl' tIll' 11101llf'nt

capacit~· and o\'l'rload til(' foot in/!;.
III ordpr to \'I'rify tIl(' df('ctiwlI('SS of til(' rptrofit tpchni'lu('s for ellitancilll!, t Ii .. spislllir

)l<'rlOrlll,lIlrp of Lridgt' rolUlIIlIs. a tl'st program wa.s initiatpd at thp l!lIi\'f'rsity of Califomia.

Sail Diego. ill 19R5, Till' program is still rOlltilluin~ illld ill\'ol\,ps testing of largp-srall'

rirndar and n'rtallgular mlulilns in 'as-huilt' and retrofil cOllditions for both f!('xural and

slwar n'sponse. Co!ulIlns arl' cOllslrurll'd at 0.·1 l!,(,olllPtric scalp of III" protot.\'llf', usin/!;

1I1itleriais and d('siglI dplails appropriat(' for columns d{'sigllPd in thl' mid I!)(il)'s.

FLEXURAL COLUMN TESTS

Flexural Column Details

Th(' flpxural pro~ram indlldps t('still/!; of 6 circulilr columlls of 21 indu's in dianwtf'f

'Illd Ii rectan!!;ular rulu1l1ns uf 21'.7'i inchps by 1!J.2.) inrht's ill cross-spction. 'I'll(' t('st columlls

arp COllstrllctpc! with a footin/!; so that foundalioll illflll('lICl' on thp column IH'ha\'ior rail be
iliclIHh'd. Th(, colullln II\'iglit is 11,1 inrlIPs frolll tIll' lop of fuolin!!; to Ill(' ('('ntpr of horizontal

load. :\11 axial load of ,100 kips is apl,lipd to tlIP tesl colul1Il1 usillg two 2 inch hif;!;h strf'nji!;th

bars hdoH' illlPOsill1!, lal('fal displan'IlH'lItS. Eacll bar is stressl'd with a c('IIII'r-hol\' jack

whil'lI rC'acts agaiust 1111' tC'st floor. The Ilar forces are Irallsfl'ffpd to thp colulJIll by a cross

IlI'alll lIIoulit('d 011 top of the C01UIIIII luadstllh. Fil!;. I 5ho'''s the (t'st configuration for a
circular flpxlJr;u (·OIUIllIl.
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,\ largpI cOlinI'll' rOIIlIHp,.;,.;iw slr/'Jlglh of I,' = :,000 psi OIl "lX days 1"; llst'd in all
Ip~l CO]IIIIlIIS 10 n'IHI'~f'1I1 a li7 '/. O\'prslrpllglh wll('lI cOlllpar('(1 to tllf' Iypiral 1!lfiO's fll'sil!.11
,.;tn·lI~th of :1000 psi, Till' o\·N,.;lrpnglh is 10 r/,fipc\ holh Ih, fOIl,pn';,liw coner"lp lIlix
dl',.;ig,1I alit! hal('hillg praclicps of lht, 191;O's alld tllP slr('lIgth !!:aill Ih;,t has ocrllrrpt! ill
111"1'" t hall tW"lIly yt'ar, of Ilalilral ;,gill!!:, Cratlp ,10 r('illfor"l'l1u'1I1 is Ilspd ill all fl,·xlIl ... 1

COIIlIlIlIS. LOligil IIdilial n'illforCf'lIlplll f"r drcillar CO]lIl1lIlS cOllsisls of 21; #Ij dpforlllf't! har~.

IIl1ifllrlltl~' di~Irihlllpt! arolllld Iht· colllmll, :\ cOllerI'll' 1'0\'1'1' of D,X illd, wa$ pro\'idl'd for
IIII' IOIll!.itlldill;lln·illforcl'ml'll1. Yi,·ld str('II/!,Ih for Ihp #(i hal' a\'('ragl's ,I,i,' ksi, Tralls\'('rsl'
r,·illf"rcpIIII'1I1 i, provid(·d hy #'1. circillar hoops al ') illclu's uniforlll spafill!!:, Fig. '2 show~

a l~'pif'al .... illforn'II)('111 ddail for a circlilar IIl'xllfal COIIIIllIl. )'''1' thp rl'<lalll!.lIlar colllrnllS.
II,,· I1111 J!,i I IIdilial rl'illforc.. rnpllI cOII~i,,, "Ll"l #f, hal'S disl rihlll ..d illl" ~ill'!,lf' la~'..r. :<s showlI
ill I'il!" ·,(a). Tralls\'f'rsl' slt'l'! for Ihp n'clallglliar COIIlIllIl was similar 10 Ihat of circlliar
1'1111111111 i,,,, #1 1"'rilll"IN Iloops al IIlliforrn sparillg of " illclll'S, It sh"lIlc! IH' lIol,·d Ihal
boill t 1If' cirnt!ar alld rpclall/!,lIlar COIIlIllIlS 011'1' dl'siglll'd 10 ('CHILlill I IIf' sa III I' ]oll/!,illldill;t!
,1 ....1 arl'a ratio i,f'. 2.',:\';'.

\'irnilar COIIlIIIIl~ I, '2, ,'I alld Ii, alld all of J'('ctallglllar 1'0111111 liS w"r" nlllslrllc1"d willi
a :"I',sl'lin' of 20 tilll'" Ih.. 101lJ!,illldillal hal' diaml'lt'r ill 111l' pOlf'lIlial plastic hill/!,f' r,,/!,ioll,
Sitch pr;lcticl' \\01' ('0111111011 iu I Ill' IUO/lH'III'J'('sistilll?; fool ill/!; of IIJ(' I (lfjl)\.. Circillar ('011111111
:I,lIld 1 wprp ('I'illforct'd witll roulillUOUS IOIl/!,itlldiual hal'S audlo",·t! h~' '10 df'grt't' Iioob ill
th .. foot i Ill!" ('ylilldrical jarkets for circular COIIlIllU~ WI''''' fahriraf<·d frolll :i/II; iUf'h t hit'k
,\:lIi 1"11 I'Olkd ~Ipd (I~ --' :u; k~i). Fi/!,. ;\ ~11f)\'''s 11lf' eroS5-st'clioli of a 1't'lrofillPd t'irnllar
rolllllili. .\ III iurll l!;ap is provil!l'd 1)('lwl'l'n Ihl' jackpI and WIUIIlII. alld SUhSl'<jIJ('ullv
prf',";SIIf" fill ..d witll a cPIll('ul-hasl'd /!;roul whidi COlilaius a slIIal1 dos(' of wal,'r-rf'c!IJ{'ill/l:.
PXllall,.;i\,1' additivE', ('oIIlIHI'Ssivp slr<'IIl!;th of '2 iurh dianH'lpr !!:roul cy!illdf'rs \'ariNj hplw'('('u
2000 ;II,d :!-")()() psi at agp of II days.

ri/!,o ,I illustratl's till' coufilliu!!: aclioll of thl' sh'el jackl'\. rlldN IIII' f'OlIIhillf'd I'ffl'd
of axial ('lIIllIH"ssiou aud !II'XIlr<'. Ih.· comprpssiou lonl' attl'lIIpls to <liLt\(, as lilt, tll'xura]
,I ... ·II/!,ll, of tl ... lIlplIIllt'r is apprOadll'd. Thl' dilation is J'('strainl'd hy thl' radial slifflll'SS of thf'
jack.. !; plariug IIH' jack'" ill ,"ir('umf"rl'ntial tl'usion and Iht' roner"l(' ill radial cOIllIHPssioll,
Iht· latpraJ 1>I'I'S511rl' ('xPl'tl'<! hy the jacket ill('J'eaS('s both the cOlllpressiw stn'lIl1;lh and

ducfilit,v of Ihe cou(·r"I .. ,
To (,IISI1l't' that t h., jackl't does not bear against thp footing Wlll'll in rOlllprl'ssiou,

a lIolllill;J /!;ap of 1 illdl is pro\'ided lH'lw('('1I thl' tOI' of till' jacket and th(' fOOling, Till'
1"lIgth ()f ('ylilldricaJ jarkf't was l'ho,,-II to hI' ·18 inchl's to ellsure that th,' alOllll'ut <!l'lIland
ilJl!lwdiah')y aho\'(' th .. jack..t do !lot I'xl'el'd j.'j'/c of the origillal fll'xuraJ capacily.

J)psigu variatious b('twl'l'lI columns arl' givl'n ill Table I and 'I., Thl' first pair of
circular rolumns wt'rl' fOllstrul'tl'd wilh a 19GO's footing using only straight )'pinforCt'rJlelll
(Iwo 01'1 ho!!:onallayt'l's of 2-l #6 hal'S ('ach) in tht' bottom region of tbt' footin!!;. TIlt' footin!!;
wa" supportin~ 011 I indl high hy Hinch dianwtpl' hlorks simlllating pill' support A strong
footillg d('tails was used in the rel1lainilll!; l'OIIlI11I1S. including rectan/1;uJar colul11ns. WIIPII
foolill/!; shpar failure wa;; no!t'd in the 5('('Olld column after retrofittpd with a st<'Pl jackl't.
Il pill forn'lIlpllt for t ht> st rong foot ing weI''' J'('dpsiglll'd to i ncl ude top and bott om layl'rs of
#l'io hal'S hpnt at bolh ('lids, G pairs of #'1". diagonal bars placl'd close to thl' ('Qlumn/foolill~
joilll and # ·1 spira! at 2.5 inches pitch within tltl' joint, as shown in Fi!!;. 2. Instpad of
usill~ sinllllalpd rigid pilp-hlorks. thp footing wl'rl' uniformly slIpported 011 a lhin laypr of
hydroslolip alld clamped against thl' tl'st floor.
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Table I: Test Matrix for Circular Flexural Columns

'1l'st 1'lIits Col1lmn 1..: Footin~ D('tails l{elllarks

1 20 rio Lap For Lon/!;, Bars Wpak Footill~ l{dl'fl'ncp

Without Sted Jackpt

2 :'W rio Lap For Lon~, Bars Wpak Footillg Full
With St('('1 Jacket Uf'trofit

;\ ('outinuflUS ('olullln Bars Stf()[lg Footing l{pf('f('ncf'

\\' it hou t S t('pi ,I arkpt

·1 ('Ollt inuous COIUIllIl liars Strong Footiul!; 1'1111
With Sf pel Jackpt Retrofit

:1 :.W rh Lap For Lonl!;. liars Strollll; Footillg Partial
I!r St~'rofoalll Wrap and Jarkl't Hetrofit

Ii :W rh Lap For LOllg. lI<trs St roll/!; Footillg 1'1111

With Stl'pl .Jarkl't Hetrofit

1-1l 20 rh Lap For LOll/!;, liars "'POlk Footing F1I11
Hppai f('d By St pel ,I ar kf't :100 kips I'rpstrpss Het rofit

Tablp '1: Test r.fatrix for Rectangular Flexural Columns

Tl'st l' lIit s Upt rofi t Details Load Dirertiolls Status

I 'As- Built' (H('fl'rpllcl') St rollg Axis ('0111 plpt l'd

L Elliptical .Iackpt St roll g c\ xis Complptl'ci

:J 'Built-lip' ('halllH'ls St rOil g A xis ('omp]l'tpd
,I Stifrpllpd l{prtaugular ./ackrt Strollg Axis ('omp]... ted
:) 'As-Built' (Hpf., ... ·pcl') Wpak Axis ('omplptl'd

Ii Elliptical Jarkf't Weak Axis P'~nding

.\ partial r('trofit approach was 11 IIdl'ftaken in rircular column 5 to in\iestigat... ,h... pos

sihility of cOlltainiul!, tIl(' coillmn basI' without attempting to improw the flexural stre,,~th

or ductility. This cOllld !>p adoptl'd in d('sign Wltl'ff' the lateral strength of a colulllu wOllld

lIot 1)(' IIPl'd.·d to I'll Sll rl' satisfactory respOUSf' of tIl(' !>rid~p as a wholf' and where full r('trofit

11li/!,ht pial'(' f'xcpssiw 1Il01lH'Ut df'mand on tlJ(' footinjP;. To this end, a thin sh('('t of styro

fo;t101 (I/-I ill thick) was added between thl' colullln and p;rout illfill to allowed a cont~olled

<Iilat iOIl of t Itp CO\'N concrl'tp at large latpral displacplIU'nt. Completp los~ of COVN counel('
was prohi hi H·d by t he presence of the jackl't.

Till' f1pxll ral pro~ram also in\ipstigatf'd t he possible usp of sted jacket for post

('arllJl(uakp repair of columns, Circular column I was r"paired with a steel ja.'ket of tl\('
,.IIl1P JilllPllsions after initial 'pst (indicated as I-R in Tablp 1), and fptested using thp

sanJf' load history. Loosp fOvpr concrete arOl..Jid the splice rep;ion of the main reinforcpmellt

\\'a." rPlIlO\,..d hpfor.. installillg the jacket. The wpak footing was strengt hl'ned by ..xternal

prpst[l'ssill~ to a tolal of aoo kips at mid-height of tll(' footing and ill th.. direction of thr
latpral load. IlIstl'ad of being supportpd OIl simulatpd pile blocks, the rf'paired column was

plared in uniform \)('aring as with the strong footing setup,

Two dir('ctions of latl'ralloading weft' considered for the rectangular flexural column

-:~~(;-



I.P. ill til.' stroll/.!; and w..ak axis dir..diolls. Fiv.. r..dall~ular columns hav.. b ....n tested to

datI'; th .. first four colullln WPr.' !oadpd in till' stron~ dirpctiulI, and tllP lifth column in tl ..,
w!'ak dil'l'clioll. Cross-spctiollal dPlails of tllP 'as-built' COllllllll alld till' retrofit d('vin's for

oth!'1' til 1'''1' COllllllllS an' showII ill Fil!:. Ii. Th(' plliptical jack('t for r..dan!!:ular column 2 has
all 0111 sid" dill1<'llsiOIlS of :I)o(.1!i inch .., alld 19.1;) illdlPs ill til{' two princip;lI dirpctions. :"otp
thaI Ihp dillH'lIsions showII ill Fil!:..'l(h) ar.. for th(' ('elltPrliIW of the jackO't. The jackpt was
fal'ricaled from :1/ Hi illch :\:\6 hot-rolkd steel, similar to that for circular COIUIIIII. COIUllIII
·1 Ilspd a rpl'lall~ular jacket with a /!;rid of stiffpllinl!: rins as rptTOfit. Bot h the ellipticaJ and
st iff"lIpd jack.. l s weI''' .p~ illchps tall. COIUllIII :\ \lspd a bolted syst"lII of :-te..l dlanrwls with
tl'anS\'('fse hracl's !o COllfilH' the concrete in the potential plastie hin!!;e re!!;ion. 'I'll(' holts
WpH' li/?,htpIIPd to iIlJu('" ;,ctiv.. pr..ssllre on the column COIICTPtp. Jl<i/!;ht of this rptrofit
dp\·jcp was :2)o;.S indies.

Load-Deflection Response of Circular Flexural Columns

Plot s of la tl'l'al forn' vprSIIS 0 isplacenH'nt of circlllar colu mIls wit h lapped start .. r bars

an' showil in Fi~. (j. III th ..s.. dial!:ra 1S. l'y TI'prpsellts tiH' latPraJ forCl' corrpspondin~ to
Ii rsl ."ipld of t h.... \1 rPlll .. I<'nsion rpi II fOrC('llI"lIt, ", is IhI' lateraJ force correspondinll; to t hI'

Ihl'()J'pti('al idl'al f1pxllral capacity of th .. unCOllflllPd colullln spetion, alld 1/p is Pljuivall'nl
10 \', hul inclnclilll!; thf' pffpcl of cOlllillelllPnt provicl.-rl hy till' stp('1 jalkpt for rl'trofith'c1
colulIlns illld was asspssf'd at an pxtrPIIlf' tplIsi,,)!\ slpI,1 slrain of n.OO.5.

Fig. fila) shows 1II.It Ihl' hyslPrf'sis loops of thp 'as·huilt' <o]ullln 1 dp/!;rade rapidly

aftpr till' first cyelp 10 II = I.Ii. A maxilllulll latpral load of ·19 kips wa!oo notf'd durin/!; thl'
push c~'clp to II = \..') and wa.~ 977< of thf' th ..orPliraJ ideal caparity \';. The strplIl!;th
1'11\'('1°1)(' is S1'pn 10 oq?;rilo.. aSYlllloptically ..fIn II = I.Ii to t!lp 1ll0ll1pIlt rl'sisted purl'ly by

II .., axial load which forrpsponds to a shl'ar forcp of 19 kips.

Thp h~'stpf('sis loops of column :2 are stahle up to II = :l afln which rapid op/!;radalion
o('('lIrrl'd (s('(' Fig. fi(h)), due to footing joint sl\('ar failIlH'. Vl'rtical load carryill!!; capacity
of Ihe ('OIUIIIIl was affl'cll'd. Column 2 just altain('(1 its thp pla.-;tic lat .. ra.1 forcf', \~. prior
to failure. ;\ote that column 2 showpo a 19% iner..ase in lateral stiffness aftpr rplrorit.
The latNal stiffllP";s of thp rolumn is dpfilll'd as \.; or \'~ divided by the rorrE-spondin!!;
l'XIH'rilllelltal yi('ld displacplllpnt. It should be notpd that, aJthough part of the stiffness

illerl'ase rl'sults frolll til{' sU'1'! jacket. early bond failure in the IOllgitudinaJ reinforcpmpnt
of 1'011lllln I has contrihlltl'd to a smallN estimation of lateraJ stiffness for that column.

The r('sponsp of colullln 6 aftpr rl'trorit with a stel'1jackl't and a str"n!!;1 hened footing.
shows TI·markahly stahle hystpresis loops up to II = 7 whidl corresponds to a drift ratio

(displ:tcplllenl dividP!1 hy hpighl) of 5.3% (se<' Fig. 6( c)). The rolumn exhibits the high
Pllpr!!;y ah~orptioll alld smaJl de/!;radal ion of [wak latNal force upon recycling to a given
durtility h.'vel. Pl'ak latl'ral forces at II 2: 3 exceed \~ as a result of strain-hardening of the
IOllll;it udinil! rpinforcelllC'nl. Low cyelp fatigup fracture of 10n/!;itudillaJ reinforcempnt which

o('('urn·d dill in!!; the first cycll' to II = H, is acrolllpanil'd by comparatin·ly rapid strcngth
dl'~radalion. all hough good I'Ill'rgy ahsorption capacity is lIlaintailll'd.

Colullln 5, with a partial retrofit o ..tail, performed as expl'cted i.e. with a bond
failtHl' al the lap-splicl' at II = I.."). Thl' soft styrofoam wrap acll,d as l'ushion to allow

t1ilal iOIl of co\'('r conerl'te and relative slill between tire main l'l,inforcPlllent and starter
hal'S to oc('ur. It was hOWH('f possibll' 10 displacl' thp column to drift ratios exc('('din~ .1%
without affl'('tinll; \'l'rtical load carrying rapacity. Without complete loss of cover concrl'te,
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sl 1'''111-\1 h dl'~radali(\l1 was I"ss rapid thall 1'011111111 I.
I.:lfl'ral f"r("1' displa("j'1II1'1I1 h~'sIPff'si, loops for ("0111 IJi 'IS :\ and·1 whidl IIsl'd cOllI illllOIiS

r.,illf"I"<"'III'·lIt afl' showlI ill Fj~. ., COllllIIlI:\ was Il'sll',l 'a",·hllilt' :lIld showl'd IIIl1dl
illlpro\',·d pl'rforlllan("j' 0\"'1' collI 11111 I. Spallinll; of III(' ,'0\'1'1' concrpl" was initiat"d al I' = :\.
1.111 th,· rl'SpOllH' rI'lIIaillpd stahlI' lip to I' =.\. Final failurf' did 1101 (lrrllr ulllilil = :..
wli/'II "OIIl!,I"<'ssioll hllrklillg of :1.1' IOl:gillldillal r"inforCl'!Iu'lIt dl'slroy"d Ilu' illl"grily of till'
"onnI'I,' r"lllpfl'ssioll ZO]II' rallsillg rapid slrl'lIglh d"l-\radatioll, Thl' hvsl,'rptir Innps hm\'''\'l'r
show ~ood I'II"r!,y dissipation.

Tlu' fI"roli"l'd (·,,11111111 ·1 h,'ha\,pd f'sSf'lIlially 1111' sallll' as colli III II Ii wilh slahl,' I'('s
ponsI' lip 10 hi/!,h dllrlilily li'vds (Sl'" Fig. 711»). Failllf('again n'sullpd frnllliow-ryrlp fatigll"
of lonl!:illidillal rI·infof(·l'll\l'lIl. Failllr'· (}("rurrf'd aflN Iwo ("yrl,'s 10 a lIIaxillll1m displa("j'JlH'1I1
"I' :-:,/ inrh,·s. fOrr"slHlIlding to 11= i-: or a drift ralio of :!J.i I, = (i'X.

".vst"J'f·sis 1001'S for ("011111111 I afll'r rl'pairp,l with a sl",·1 jarkf't aI'" shown ill Fig,
S IIII' Ilf'ha\'ior is 1101 ilS ~ood as rolUJIlII (i. hill is grpatly impro",,'d ()\'N Ih/' illitial
1",,1'01"11101/11'1' illlliratf'd in Fig. h(a). 'I'll(' thl'Ofl'lic;J JIlOIl1l'llt "aparity wa, '·xC(·,·,h·d at
II :c :s. and dl'graf"'d ("olllparativf'I~' slowly at largl'r displacI'JIl'·lIts. Thl' df'j!;radation of
LII"ralload was rallH'd Il~' r/'Ialiw slidillg bl'tw/"'II 1.1.1' maill rl'inforCI'IIU'llt and starl"'r hal'S,
"t II = Ii. ("Ofl'PSIHllldillg; t,o a drift r,llio ill ,'XCI'SS of 51." tIll' lat"ral str"nf/;th is still mOff'

lhall 70'1. of th,'ol'P1iral ultilllat.,. !'Iotf', howf'vpr, that thl' .'nl'rgy ahsorption capacity, as
rl'!,ff's"lIl"ti hy till' afl'a with ill IIii' loops. is Il'sS titall !iO% of that for thl' ff·trofiu"d (as
d i~1inc I from fI'pai ff'd) ['01 u1II1l.

FiJ.l" !I(a) alld (Il) show thf' load-df'fll'('tion I'lIvf'1op,·s for all six columns. 11 ran Ill'
Sf'I'1i thaI it suhstantial illlprm"'IIIf'nt in rolumn pl'rformanr" wa.s achie"'f'd usinf/; stN'1 jack..t,

Load- Deflection Response of Rectangular Flexural Columns

II~',I/'r'" ir rl's pOll sps of Ih,' f('rtalll!;lIlar columns ill IIll' strong axis din'l'I ion af(' shown
ill ),i~, lO(a)-(d). Titl' notations 011 tI,,·SI' plots ar" "w for latpralload at first yil'ld of thl'
"xlr"nl" I/'lIsion sl,,"I. alld "" for th.· idf'al rapacit.y ra\rlllat"d usillg til(' ACI pquivalpnt
stff'SS hlock. Thp rl'sponsp of 'as-built' rl'rtallj!;ular roillmll is vpry similar to thaI of rirrular
('OIUIIIII i.,'. wit h a bOlld failuf(' at till' lap·splirps of t IIf' main rf'inforcl'ment. Even th()ugh
t"stin/!, of IIII' 'as-huilt' rl'dallf/;ular rolulJIlI in the wf'ak dirf'Ction has b"f'n romplf'tf'd, thf'
plot of IIII' hpl f'rf'1 ir rpSIHJI\Sf' is not availablf' at till' ti IIII' of wri ti II!,!: th is p;lpl'f, and thl'rf'forf'
will nnt 1)(' disCiISSI'(1. Thp i,jpal rapacity of thp column in thf' strong dir/'rtion is pstimatl'd
10 1)(' 7'" kips. hUI could 1I0t hf' rf'adlf'd hy thp column, Bond failurf' occurred prior to
ff'arhillg II '-' I ..'>, and suhs('qu('lIt ff'spons(' wa,s charactf'l'iz/'d by rapid df'll;radation with
\'/'ry lIa rrow f'1If'rgy loops.

With an plIiptiral jackf't, tIlP column showl'd a suhstantial improvpmf'nt in thf' load
dpflf'ctio/l ff'SpOllSt·. TIll' id"al rapacity of thf' oril/;inal column was £'xC('('d.·d at Jt = 1.;).
Si/!;nificant inCfpasp in latl'fal load was subsl'qlwntly noh·d. Thf' maximum load rl'cordl'd
wa.~ I()(j kips, which wa.o; th£' sallw in both push and pull dirf'ctions. Unlike the circular
('OIIlIllIlS with cylindrical ja('kl'ts whi(Oh failed by low-ryrll' fatigue fractul'f', thl' final failurf'
of ff'I'1<1I1I1;Ular col uIII II wa.~ ('ausl"d hy bond failurf' at th/' lap-s(.lice ofthf' nlaill rf'inforcf'D1ent.
Stfl'lIl/;th d"gradalion du.· to rf'lativ(' sliding betwf'('n main rl'inforcl'lI\l'nt alld startf'r bars
wa.~ millor alld wa.s nut signilirant unti! aftl'r J' = 7. Thl' pn'Sl'ncl' of t.he elliptical jack.·t
rf'strainf'd the spaUillg of ,'owr COnCff'tf', and tlwfI'forf' allowed a mort' gra.dual df'gradatioll
of stn·lIgth. lIystprf'tic loops showl'd a rat.hl'f imprl'ssivl' dissipation of f'IINg)' by thl' rolumn,
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Figure 7: Hysteretic Response of Circular Flexural Columns with Continuous
Reinforcement

The hysteretic responsl' of column 3 which uses a bolted system of retrofit using
'built-up' steel channels (see Fig..j(c)) is shown in Fig. 10(c). Stable response was observed
up to Jl = 6, after which bond failure at the lap-splices was again the cause for strength
degradation. Ideal capacity of the original column was exceeded at J.L = 1.5. Maximum
load recorded was 97 kips in the push cycle at Jl = 4, and was only 9% lower than that
observed for column with an elliptical jacket. Even though the response is satisfactory. the
maximum drift ratio of 2. i% is significantly less than with the elliptical jacket.

Column -t with a stiff~ned recta.ngular ja.cket indicated an earli.~r and more rapid
degradation of strength when compared to the previous two methods of retrofit (see Fig.
lOr d)). Even though there was no difficulty in attaining the ideal capacity of the original
column, the enhancement in displacement ductility was rather small. The dependable drift
ratio was about 1.9 %. A peak load of 92 kips was observed during the first push cycle to
JJ. =-to but rapid reduction in stiffness and load soon followed in subsequent cycles to the
same displacement.

Fig. 11 shows the load-deflection envelopes for the rectangular col'lmns loaded in the
strong ws direction. In this diagram, 'San Francisco l' refers to retrofit using 'built-up'
steel channels and 'San Francisco 2' refers to retrofit by stiffened rectangular jacket. It can
be seen that the elliptical jacket provided the optimal method of retrofit for rectangular
column£.
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SHEAR COLUMN TESTS

Shear Column Details

The shear retrofit program in\'olves testing of 6 circular columns of the same diameter
as that of the flexural columns and 6 rectangular columns of a sma.ller cross-section (24
inches x 16 inches), when compared to its flexural counterpart. The aspect ratios for the
column as defined by, Jl j(V D), are 2 and 1.5, where lit! and V denot.? the moment and
shea.r force, respectively, and D represents the diameter of circular column or depth of
rectangular section. In addition to the difference in aspect ratios, the following parameters
are va.ried between columns: (i) longitudinal steel ratio, (ii) axial load level, (iii) yield
strength of longitudinal reinforcement. These va.riations are summarized in Table 3 a.nd 4.
Only circular columns Cl and C2, and 'as-built' rectangular column RL have been tested
to date.

A different test setup is used for the shear columns. The lateral load mechanism
consists of displacing the column in double-curvature with the point of inflection occurring at
mid- height of the column. A stiff loading arm connects the top of the column to a. horizontal
double-a.cting actuator loca.ted at mid column height. Loadstub rotation is minimized by a.
load-balancing system which is designed to compensa.te for the weight of the loading arm.
The axial load is a.pplied to the column using the same high-strength flexible rods, as for
flexural columns. The shear test setup is shown in Fig. 12.

Continuous longitudinal reinforcement are used in all shear cohlmns i.e. without
la.p-splice in the potential plastic hinge regions. Fig. 13 shows the reinforcement details for
a circular shear column. Longitudinal and transverse steel for the first two pairs of circular
columns are the same as that of circular flexural column. Steel area will be increased to
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Ta.ble 3: Test Matrix for Circular Shear Columns

Test Unit Longitudinal Steel Axial Load ~I/VD Retrofit
C1 Grade -10 133 kips 2 ~o Jacket 'As-Built'
C2 St~l Area =2.j % 133 kips 2 Cylindrical Jacket (3/16")
C3 Grade 40 400 kips 1. )lo Jacket 'As,Built'
C-t Steel Area = 2.5 % 400 kips 2 Cylindrical Jacket (3/16"')
C~ Grade 60 400 kips 1.5 ~o Jacket 'As-Built'.J

C6 Steel Area =4 % 400 kips 1.5 Cy li ndrical Ja.cket (:3 /llf' )

4% for the third pair of columns and Grade 60 steel will be used. Main reinforcement for
the first two pairs of rectangular columns consisted of 22 # 6 bars uniformly distributed
around the column. A similar increase of steel area to 4% shall be mad,· for the third pair
of rectangular columns.

Retrofit of circular columns involves encasing to almost the full ht'ight of the column
with a 3/16 inch thick cylindrical jacket. A vertical gap of 1 inch is provided between
the jacket cutoff and the a.djoining footing or loa.dstub. The same 11! inch grout gap is
used between the jacket and column. Elliptical jackets of 28 inches by 24 inches outside
dimensions in the two principal axes wHi be used for retrofit of rectangular columns.

Load-Deflection R.esponse of Circular Shear Columns

Lateral load·deflection hysteresis loops for the initial 'as-built' circll1ar column are
shown in Fig. 15 (a). The lateral forces corresponding to the theoretical ultimate flexural
strength of the column, VI" and at first yield of extreme tension reinforcement, VII' calculated
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Table 4: Test Matrix for Rectangular Shear Columns

Test Unit Longitudinal Steel .-Lxial Load ).tI/VD Retrofit
R1 Grade 40 114 kips 2 :'J0 Jacket .As- Buil t'
R2 Steel Area = 2.5 % 114 kips 2 Elliptical Ja.cket (3/16")
R3 Grade 60 114 kips 2 No Jacket 'As· Built'
R4 Steel Area = 2.5 % 114 kips 2 Elliptical Ja.cket (3/16" )
as Grade 60 400 kips 1.5 No Jacket 'As·Built'
R6 Steel Area = 4 % 400 kips 1.5 Elliptical Jacket (3/16")

using the Mander model for confined concrete [7]. are shown by dashed lines in these figures.
In addition. the theoretical shear capacity predicted by the ACI [8] is included as linked
line.

The 'as-built' circular shear column exhibits relatively stable response up to dis
placement ductility factor p. =2. Flexural cracks were deeply inclined indicating the strong
influence of shear, Web shear cracks appeared at p. =1 near middle portion of the column,
independent of flexural cracks which tended to concentrate near the column ends. The
crack pattern was remarkably symmetrical about mid-height of the column. Although the
theoretical flexural capacity (VI'= 119.4 kips) was reached at p. =1.5, the column failed in a
brittle manner during first push cycle to p. = 3. The ma.ximum load atta.ined was 129 kips
which is considerably higher than the ACI shear strength prediction of 71 kips. Final failure
involved a major diagonal crack initiated from crushing of concrete in the compression zone
in the upper region of the column. The final crack pattern is shown in Fig. 14(a).

The hysteretic response of circular shear column after retrofit shows an impressive
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Side View Front View Sid. View

(a) Ch'cular Column Cl (b) Rectangular Column R2

FiL;ur~ 14: Crack Patterns for 'As-Built' Shear Columns

increase in displa.cl'ment ductility and energy absorption (see Fig. 15(c)). Displacement
to ductility factor 11 = 10 or drift ratio of ~.3j% was possible without serious strength or
stiffn!'ss degra.da.tion. In addition to spalling of column cover concrete within the 1 inch
gap, minor shallow splitting was observed on top of the footing. The theoretical ftexural
strength. Vp , calculated using yield strength of the main steel, was 127 kips. This load was
first exceeded at J1. =2. about the same ductility level when strain-hardening was noted
to occur in circular flexural column. The maximum lateral load recorded was 162 kips,
occurring at peak displacement in the first push. cycle to J1. = 10. Test was discontinued
a.fter three cycles to 11 = 10, as displacement is limited by the tra.vel range of the vertical
load foUower. ~ote that the experimental displacement for retrofitted column is larger than
the yield displacement for the 'as-built' column. The increase is due to the extrapolation
of displacement to theoretical ultimate flexural capacity which is higher in the case of
retrofitted column.

Load-Deflection Response or 'As-Built' Rectangular Shear Column

The lateral load-deflection hysteretic response for rectangular column R1 loaded
in the strong axis direction is shown in Fig. 15(b). Although the theoretical ultimate
flexural capacity of Vp =118 kips was achieved a.t displacement ductility factor 11 =1.5, the
degradation of lateral load was significa.nt during the three cycles to 11 = 3. Considerable
sprea.d of bond cracks a.nd inclined shear cracks had developed by this stage and had a.ffected
the lateral strength of the column. Final failure occurred at 11 =3 when concrete crushed
in the bottom compression zone and a. major diagonal crack propagated through the lower
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region of the column, destroying the v{'rtical load carrying capacity of the column. The
final crack pattern for 'as- built' rectangular column is shown in Fig. 14(b).

CONCLUSIONS

Cylindrical steel jacketing of the potential plastic hinge region has been shown to
enhanre the flexural strength and ductility of tall circular columns. A dependable drift ratio
('xreedinl!; .5% is available. For circular columns with small aspect ratio, brittle shear failure
ran hl' avoidl'() by enrasing over the full height of the column with cylindlical steel jacket.
A stable and ductile plastic hinging ran be developed in the column, providing drift ratio
of at least .1~C Elliptically shaped stl'C1 jacket appeared to be best suited for providing
('onfineml'nt to column concrete in the potential plastic hinge rl'gion of tall rl'ctangular
column. Although the test program is incomplete, elliptical steel jacketing is considerl'd the
best option for slJ{'ar retrofit of squat rl'ctangular column.
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STUDY ON DUCTILITY ESTIMATION OF FIBER NIXED HC MEMBERS

S. Kobayashi
K. Kawano
K. Morlhua
H. latanabe

SUMMARY

(I)
(II)
(III)
(III)

Ie are currently carrylnr out the study to iaprove the ductility of reinforced
concrete aeabers by alline the fiber in concrete froa 1989. In this study the
bending test of fiber ailed reinforced concrete beaas by reversal static loadinr has
been done. Froa the test results obtained so far, it Is shown that the ductility
of fiber alleJ reinforced concrete beaas Is lareer than thet of noraal reinforced
concrete beaas. And it is shown that the ductility factor of fIber ailed reinforced
concrete beaas can be calculated If the tensile strenrth and ultiaate coapresslve
strain are kllown.

1.INTkODUCTION

Japanese Earthquake Resistant Desim Specification for Road Brldres has been
revised this year. It requires to deslm brldres not to collapse in I.OG horizontal
rround acceralation. Bridie piers which can't bear such a stronl inertial force
theoretically are required to have enouch ductility to absorb the dynaaic energy. It
Is aentloned that the Inertial force act inc to the concrete aeabers can be reduced
accordinc to the tollo.lnc toraula In the specification;

p
p' •
~ (eq.l)

Where, P restorlnc torce ot the elastic aeaber
P' restorlne torce of the elasto-plastlc aeaber
JA ductility factor (Flel.l)

Thus, It Is very iaportant to ensure enouch ductliity tor the concrete aeaber~

resistable acalnst a stronc eround acceralatlon without loslne their streneth. But
as concrete Is brittle aaterlal. Soae concrete structures can not possess requested
ductility.

The purpose of our study Is to develop reinforced concrete aeabers ductile enouch
to survive a very strone earthquake. There are soae aethods to laprove the ductility
of reinforced concrete aeabers. To reduce aaount of tensile reinforceaent is the
aost slaple aethod to laprove the ductility, but since the strenctb of aeaber
reduces, It Is not an appropriate aethod.

In this study, we tried to laprove the ductility ot reinforced concrete aeabers by
all1nc fiber Into the concrete. As tiber ailed concrete can transfer tensile stress
after tension crack occurs in concrete. the shear streneth and. thus, the ductility
ot tiber aIled reinforced concrete aeabers will be ereater than that of noraa1
reinforced concrete. But It il very coaplleated to eltlaate the ductility of aeabers
which fail by shear and bendInc torether. Thus we dIscuss the ductility of reinforced
concrete aeabers wbich fall by bendlnr alone in this paper.

2. CHARACTERISTICS OF FIBER REINFORCED CONCRETE

(I~ Director, GeololY and Cheatstry Departaent, Public lorks Research
Instltute(PIRI), Ministry of Construction, Tukuba. Japan
(II) Head, Concrete Division, GeololY and Cheailtry Departaent, PIRI.
(III) Researcb Encineer .dltto
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Generals
The aost co..on aethod used In JapAn to calculAte the ultlaaI~ strength and

ductIlIty of reinforced concrete acabers was proposed by Ohta(1980) . ThIs aethod
Is now Adopted In the l>peclflcat1on for bilbway bridge In Japan after soae
aodiflcatlons. If we can use this aetbod to calculate ultiaate strength and
ductility of fiber ailed reinforced concrete aeabers, It Is very convenient to desiln
concrete aeabers.

But It seeas that we can't use this aelhod directly, bec1use fiber ailed concrete
has the following properties;

(1) Coapresslve ductility Is larger than that of plain concrete.
(2) Tensile strength Is not zero after tension crack occur.

We have to take account of these properties to estiaate the ultiaate strength and
tbe ductility of fiber alxed reinforced concrete aeabers. Especially, the values of
coapresslve ductility (ultlaate coapresslve strain) affect calculated ultiaate
curvature of cross section, and the VAlues of tensile strength of concrete affect the
location of neutral Axis and reslstable bending aoaent of cross section of reinforced
concrete .eabers In the deslCn.

In this chapter we discuss the coapresslve ductility and tensile strength of fiber
alxed COhcrete.

Mix Proportion of Fiber alxed concrete
We used three types of fibers(Photo.l), of which aechanlcAl propertIes are shown

In Table 2.1. The voluae percentage of fiber content In concrete WdS varied froa 0\
to 2\. later ceaent ratio of concrete was fixed at 50\, 60\, And 70\. Unit water
content Is so deterained that the sluap of concrete which contains 1\ of fiber becaae
about Bca. Thus the concrete which contains aore than 1\ of fiber had less lilu.p.
The aaxlaua sIze of aggregate was 10...

Compressive Toughness Test of Fiber Mixed Concrete
Ie carrIed out the coapresslve toughness test of fiber alxed concrete. The size

of cylinder speclaens was 110ca.20ca. The coapresslve straIn of specl~ens was
aeasured with 8 coapresso aeter. Teflon sheets werc attached at the both ends of the
concrete cylinder to elialRate the friction betwecn the speclaens and the loading
plates. If we don'~)reaove this friction, the toughness would be aeasured larger
than the actual value .

The test results of coapressive strength of fiber ailed concrete Is shown in Table
2.3. The difference of coapressive strength froa plain concrete was very lIttle.

The coapresslve toughness coefficient is usually defined as the average
coapressive strength froa 0\ coapresslve strain to 0.75\ coapresslve straln3). But
according to this aetqod. the value of coapressive toughness coefficient Is affected
not only by the coapresslve ductility of concrete, but also by the coapresslve
strength of concrete. The coapresslve toughness coefficient or brittle high strength
concrete aay be blgcer than thAt of ductile low strength concrete. Therefore, we
used the other Index to express the coapressive ductIlity of fiber aixed concrete.

Ie coapAred the coapresslve strAin of fiber aixed concrete at the point where the
coapresslve stress is 85\ of coapressive strength of concrete(c O.85)(Fig.2.1). The
result of eo 85 of tiber alIed concrete 1& shown In Fig.2.2.

The relntorclnc effect with the fibers to concrete becaae aore clear In the case
of low strength concrete than the hieh strength concrete. In other words, large
a.ount of fiber Is needed to aake the high strength concrete ductile. This tendency
is the saae In Any kind of the fiber used In this test.

flexurAl Strength Test of Fiber Mixed Concrete
It is very laportant to ~,tlaate the tensile strength of fiber alxed concrete.

Many types of testing aethod are proposed to aeasure the tensile strength of fiber
aixed concrete. But aeAsurlng the tensile strengtb of fiber aixed concrete directlY
10 so diffiCUlt that we carried out the frexurA 1 test In this study And tried to
CAlculAte the approxlaate value of tensile strength froa the flexurAl strenrth. The
speclaen WAS 10ca.lOca.40ca prlsa. 11th the assuaptlon of the stress distrIbution
In the cross section of concrete prlsa as shown in Flr.2.3. the bendlnr aoaent in
the .Id-span of concrete prl•• would be expressed as follows.
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M· O.40S_12_b_tc'. O.S.(d-I)2_b_ttl (eJ.2)
where,
M bendln, aoaent In the aid-span (k,t-ca)
d hel,ht at the cross section ot speclaen (ca)
b width at the cross section ot speclaen (ca)
x distance troa eltreae coapresslon tIber to neutral aIls

(ca)
tc' co.presslve stren,th

2
of fIber ailed concrete obtained

froa the test(k,t/ca )
ft1 approlla.ted tensile stren,th of tiber aIled concrete

when th~ wIdth at tensIon crack equals to 2-1 ...
(kg-flea )

While bendln, the concrete speclaens. the tension crack occurs In the ald-svan.
And the plastic hinge Is toraed. The detoraatlon ot the speclaen Is aodeled as
Fl,.2.4 with the assuapt10n that only one crack Is foraed. The width at tension
crack aay be represented as tallows.

" • (d-x )-e
8 ' ~-L/(I.(L-I))
~/;2-hS/L

U:~.3. I)

( cZ·J·l)
(el·]·J)

where.
w crack wIdth (ca)
5 : dlsplaceaent aeasured by the tranducer at the center of the speclaen (ca)
$' : dlsplaceaent at the crack point of the speclacn (aa)

The approllaale tensile strencth of tiber ailed concrete calCUlated troa these
equations Is shown In Fl(.2.5. accordlnc to the procedure described In Table.2.5.
The tensile strength Increases as the tiber content Increases. But the rate of the
increase becaae saaller as the tIber content Increases.

3. L.OADING TEST OF FIBER MIXED REINFORCED CONCRETE MEMBERS

Telit spcclaens
As shown In FI,.3.1. all of the speclaens were reinforced concrete beaaa with the

saae crODD section and the sllIIe llIIount of reinforce.ent whlcb were deslrned to lend
the failure In flelure. The ratio of shear span length to effective depth of the
be.. was 3.5 tor all speclaens. The all proportion ot the speclaens are shown In
Table.3.1.

1.oadlng prugru
The static loading test was carried out for all speclaens by tbe dlsplacelent

control. The specl.en I to 3 were loaded .onotonlcally. and other speclaeRs were
loaded cyclically. The prograa of cyclic loading Is shown fie 3.2.

Test resul ta
Hysteretic behaVior at tiber alxed reinforced concrete beaas are shown In Flr.3.3.

and failure patterns of speciaena are described In Table.3.2. Fiber .lxed reinforced
concrete beaas which were loaded aonotonlcally bad larre ductility. In this test.
all of the speclaena had enoulb ..ount of web relnforceaent. and 10 the shear tallure
or the belllla did not occur In the case of the aODotonlc loadlnr test.

The ductility of fIber alxed reinforced concrete besas W4S larrer tban tbat of
noraal reinforced concrete besa In tbe cyclically loadln, test.

But co.pared to the be..a loaded .onotonlcally. the ductility of the be..s loaded
cyclically was saall. The f.llure occurred In ten.lle relnforclnr bar or failure of
concrete In coapresslon and consequent buckllne of coaprel.lve relntorclnr bar.

Analysis of Ductility or Fiber .Ixed Reinforced Concrete Be...
Ie calculated the ductility factor and the ultlaate Itreneth of tiber ailed
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reInforced concrete beaas accordine to Ohta's aethod. The assuaptions In the
calculatIon were as tallows:

(1) The ultlaate coapressive strain of fIber ailed concrete Is equal to ~O.85 which
Is obtaIned froa the coapressive strength test of concrete.

(2) The tensile strenlth at fIber aIled concrete Is ft 2 whIch Is calculated froa the
flelural test.

(3) The stress distribution In cross section of the beaas Is assuaed to be described
a8 Fig 3.4.

We calculated the displaceaent 4)1 at the center of the beaa. The ductility factorjA
is defined as the following fora.

It =
o u

or
(eq.4)

where oS y; the dlsplaceaent at the center of the beaa when the
tensIle reinforcIng bar yield

~u; the displace.cnt at the center of the beaa when the
straIn of concrete reaches to ultlaate coapressive .-t.......iA.

Measured and calculated ductIlity factor Is shown In Table.3.3. We also
calculated the ductilIty tactor of the beaas wIth the assuaptlon that the ultiaate
co.pressive straIn of fIber ailed concrete Is equal to 0.33\. The results of
calculation are shown In Table.3.4. The calculated ductIlity factors correspond well
to the .easured ductility tactors when we use the ~ 0.85 as ultlaate co.pressive
strain at concrete, while it is not the case when we used 0.33\. where we
underestlaated the ductility factor of fIber ailed reinforced concrete beaas. Since
the tensile stress of tiber ailed concrete is not zero after tensIle crack has
occurred In the concrete, the ratIo of tensile reinforceaent of the beaa appear to be
Increased apparently by ailine tIber In concrete. and the distance froa eltreae
coapression fIber to neutral aIls at the cross sectIon of the bca.s becoaes longer.
Thus. If we use the 0.33%. the calculated curvature of the cross section of the beaa
In the ultlaate state becoaes saaller as the tensIle stren(th of fiber aIled concrete
becoaes hieher. Theretore the Increase of ultlaate co.presslve strain of the
concrete by ailing fiber Into concrete aust be taken Into account to calculate the
ultlaate detoraatlon of the tiber al~ed reinforced concrete beaas.

Calculated and aeasured ultlaate load and yield load are shown In Table.3.5. The
calCUlated load Is s.aller than the aeasured load. The reasons of this are thought
to be as follows;

(1) Ie neelect the effect at strain hardenine of relnforclne steel.
(2) The tensile strength ot fIber aIled concrete Is hl(her than that used In the

calculation.
(3) The ultl.ate coapressive streneth used In the calculation Is 85\ of the

coapresslve strencth obtained by the test.
But the difference between the cal~lJlated value and the aeasured value Is saall

and the calculated value Is on the SL j side. that aakes no problea practically.

4.CONCLUSION

The tollowlng conclusions are obtaIned troa this study;

(1) The coapressive ductIlIty of fiber ailed concrete becoaes larcer as fiber
content In concrete increases.

(2) It Is possIble to estl.ate the approxl.ate value of tensile streneth after the
tensile crack occur In the fiber aIled concrete.

(3) The ductility factor at tiber alxed reinforced concrete beaas can be
calculated by aeans ot Ohta's .ethod. But the ultlaate coapresslve strain and the
tensile strencth of fiber .Ixed concrete have to be deteratned by the test.
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(4) Even If fiber Is .Ixed in the concrete. the buckllnr of co.pressive
reinforce.ent In be..s under bendinr load can't be prevented.
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Table.Z.l Speclflcltlon and .echlnicil propertlea of fiberl

fiber Steel fiber Steel fiber Aruid
I b fiber

Crol' lectlon(.-) ~ 0.6 00.6 ; 0.•

lenltb(.) SO SO SO

bpect ratio flO 10 7fl

Spec If ic aflV It, 7.16 1.16 1.11

Tenille .trenltb
(k,f/..") 120.11 11.1 100.0

Younl'l aodulul
(kIU.") 21000 21000 1000
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Steel fiber a

Steel fiber b

Photo. 1 FiLers used in this study
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Table.2 2 Mi. proportions of fiber liked conerele

laler Fiber. s/a waler eelent sand .nvel leasured
FiLer celent ralio percent (ka/.') _._---

(S) LI volulc (,) (~&/I') (kg/I") (kg/I") ----- slulp Air contenl
(I) 10.~5. (ell) (S)

----- ---- --- ---------

Sted
fiLer
a

50

60

10

Table. 2. 3 Results of co.presslve strength of fiber reinforced concrete speci.ens

kind of fiber water ce.ent fiber content (I)
rat io (I) 0 o. 5 1.0 1. 5 2.0

steel fiber a 50 U5 - 498 - 538
60 312 323 381 351 430
10 211 - 282 - 341

steel fiber b 50 - - 481 - 515
60 - - 388 - 404
10 - - 3U - 315

aruid fiber 50 - 501 453 - -
60 - 365 351 - -
10 - 348 305 - -
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Table. 2.• Procedure of calculating tensile strength of
fibre lixed cocnrete

calculate the approxilate tensile strength (f.) and the location of
nueleal axis (x) froa the eq. 2 and the eqation of equilibiliul of
force in the cross section of the prisi.

calculate the widlh(.) of tensile crack of the prisl froa eq. 3. 1 I
J,

D

i:w/2 are deterlincd.

O.8HCc·

x
--- . -"",f--

It (constant)

ISsuaed s lress

distributloo

I

real stress

distribution

fie. 2. 3 Stress dhtribution of the cross liecllon of

Ciber ai.ed concrete spcciaens In the

Clexural test

• I
I

~_.~
Fie.2.• DeCoraallon aodel 0: fiber alxed

cOflud~ spec l.cns In bendille
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Fig.2.5 Approxiaale tensile strenctb of

fiber aixed concrete

Table. 3. 1 Mix proportions of fiber aixed reinforced concrete beaas

(kg/a')

Ben no. later Ce.ent Sand Gravel Fiber lind of rlber

1 • , 220 361 1063 580 0 no fiber
2 • 1 220 361 IOU 562 151 steel fiber A
3 • 8 UO 400 iU U3 14 arnid fiber

5 220 361 1045 512 18. 5 steel fiber A
6 220 361 1031 &66 111.8 steel fiber A
i 220 367 1028 562 151 steel fiber B

010

Fla· S. 1 Di.enslon of bea. lpeei.ens
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Fig. 3.2 Cyclic loading prograa

Table. 3. 2 Failure pattern of fiber ailed reinforced concrete beaas

Be.. no. Fiber used in Fiber,
the speclaen percent by Failure pattern of the beaa

voluae

1 no fiber O. 0 Coapression failure of concrete
occured in the coapression zone.

2 steel fiber a 2. 0 No failure occured lithin the
displaceaent aaplitude 20to y.

3 arnid fiber 1.0 No failure occured lithin the
displaceunt aapli tude 20t 0 f.

~ no fiber 0.0 Bucklin. of coapression steel
occured at the 8th cfcle of UcJ 1.

:I steel fiber a 1.0 Failuer of tension steel occured
at the Ub cfcle of 60 f.

6 steel fiber a 1.& Bucklin. of coapre.llon steel
occured at the lst cyele of lor.

7 steel fiber a 2.0 Failure of tension Iteel occured
at the lst cfcle of 10 f.

8 arnld fiber 1.0 Fail~re of tension Iteel occured
at the 2nd erde of 10 f.

i steel fiber b 2. 0 Bucklin. of coapression steel
occured at the ht crele of lor.

neutral axis

strain distribution
e ....

t-i

Itre•• distribution
O.I"fc·

r i

;;:.tI~""--'---'-

~
ft2

Fil.S.~ Alluaed stre•• distribution In the cross section
of fiber alled reinforced concrete beaa

(ultlaate state)
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IleiII no.S

BeaD no.9

10-

-10

10-

-10-

fig. 3.3 Load-Displacelet curves of bealS

Table. S. S Tensile slrehltb and ultil.te ca.pressive
strain of tiber liled concrete

Be.. Tensile strengtb Ultiaate cOIpressive strain
no. (klf/CI I

) (tiO- I )

4 0.0 3300
6 8.66 5200
6 10.48 nOD
7 12.28 1300
8 12.20 5800
9 13.02 5700
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Table 3. 4 Calculated and .easurcd ductility
factors

Tible. 3. & Calculated and .easurcd ductility
factors

(Iha valuas of ulli.ata c~pr(;sslve strain adopted
in the calculation ara sho.n in Table. 3 3)

Ilea. Duel iii Iy fac lor Ductility factor
no - .1calcul alW) l.easurcd)

4 3. 02 3
5 4. 2 9 5
6 5. 4 7 5
7 5. 9 3 6
8 4. 6 6 6
9 <I 6 3 fi

('Ihe values of ult I.ate cOllpresslve strain adopteJ
in the calculation ire assu.ed 10 be 0.331)

Beall Ductility Fictor Duct i1 i ty factor
.ll2.- 1.!f3surcdl

4 3. o 2 3
5 2. S3 Ii
6 2. 8 I 6
7 2. 18 6
B 2. 78 6
9 2 77 fi

TaLk 3. 6a Measured and calculatcJ yiled strenglh loads and
ulli.atc strength loads

(Ibe values of ulli.ate c~pressive slrain adopted
in lhe ealeulat ion arc sho.n In table. 3. 3)

Bea. no Yield strength load(ton) Ulliute strength load(lon)

Measured Calculated Measured Calculated
_._-::_~=~-=-----=- -

4 3. 84 3. 17 3. 9 ::I '1 • 02
Ii ". 3 "

... 00 4 . (j 3 4 . 26
6 4. 50 4. 04 5. 03 <l. 42
7 ". 62 <l. 08 6. 06 4 . 62
8 ". 3 I 4. 08 -I • 68 -I • ::I 5
9 4. 36 4. 10 4. 4 " 4. 36

TaLle. 3. 6b Measured and ealculatej rilcd strength loads and
ulti.ate strength loads

nhe values of ulll.ate e~presslve slrain adopted
in lhe calculat ion are assu.cd to be 0.331)

Bc:w: 110. Yield slrcl\&lb load(ton) U!ti.atc slren,tll load(lOll)

lIeasured Calculated Measured Calculaled

4 3. 84 3. 7 7 3. 93 4. 02
5 4. 34 4. 00 4. 63 4. 22
6 4. 50 4. 04 5. 03 ". 26
7 4. 62 ". OP 6. 06 ". 32
8 4. 3 I 4. 08 -1. 58 ,. . 32
9 4. 36 4. I 0 ... 44 4. 34



EFFECT OF CARBON FIBER REINFORCEMENT AS A STRENGTHENING MEASuHE
FOR ~EINFCI~CED CONCRETE BRIDGE PIERS

Tetsuo Matsuda (I)
Takashi Sato (II)

Hiroshi Fujiwara (III)
Nori.asa Higashida (IV)

Prese~ting Author: Nori.asa Higashida

Suuary

A new method of strengthening re1nforc"d concrete brIdge piers III
seismic regions is descrIbed. In this .ethod, rather than using reinforced
concrete or steel tubes, carbon fiber is wrapped around the section. This
paper presents the funda.ental .echanical properties of the carbon fibers
and the design concept of them applIed to existIng piers. The seismic
resistance of the bridge piers with carbon fibers was evaluated through the
experImental InvestigatIon using scaled .odels.

Introduction

Gpnerally, longitudinal reinforcing steel in the existing rclnf'orc('d
concrete pIers is curtailed from the vIewpoint of e'ficient bar
arrangement. It has been pointed out that under an I xtre.elY severe
earthquake loadin~, large a.ounts of damages may occur in piers ahovl' this
rapid change In reinforcement.

Recently, the regions of steel curtail.ent has been I.proved by
encasIng the piers with reInforced concrete and/or with steel tubes.lnstead
of the above materIals. the authors have adopted the carbon fibers, whIch
were applIed to colu.nf in experiments and chI.neys on sIte as reported by
Katsumata and KobatakeJ.) a). and they de.onstnted theIr validity. This
I.proved method utILIzes the excellent properties of carbon fibers such as
high strength, hIgh modulus of elasticIty and lightness. Therefore the
method results In the following advantages; (1) very slight increase ill
weight and the shape-di.ension (2) small change of rigidity (3) easy
construction and high durability.

This paper descrIbes the fundamental mechanical propertiesa • of carbon
fibers related with the earthquake-resistant rp.inforcement of pIers and the
possibility of using carbon fIbers 4 ) for the Improvement of thp earthquakp
resistance of the piers. Further, the paper de.onstrates the experimental
results wIth a scaled model test, D) 8) which was conducted to verify the
validity of the method using carbon fibers for bridge pIers.

(1)

(II )
(III)
(IV)

Manager, Structural EngIneerIng DivIsion
Laboratory of Japan Highway Public Corporation (JHPC)
Deputy Manager, Structural EngIneerIng DivisIon (JHPC)
Deputy Manager, Structural EngineerIng DIvision (JHPC)
Engineer, Structural EngineerIng DIvisIon (JHPC)
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Carbon fiber (deri Vl'rl from reference"')

Out I 11)('

On t j nary usprs of carbor: f i hers hav(' b£'£'n ()) al rcraft manufactufl'rs
lind en sporting guods manufaeturers. Sincl' thl' use of carbon filH'rs ill
thpsl' areas is not large enough to satisfy the carbon fibers manufac\,ufl'r",
tlJ(' buIlding construction and/or civil engineering field Is assulll£'d a largo!'
potl'lltlal consul1lpr.

Carhon fil)(~rs are sUI J very expensive (approxImately iOO tilDes thn\. of
s1{'1'\ p!'r unit wl,jght) and it seems very unlikely the price will
(trllstlcalJy fall by using the current production technique. In repair
work, howPYl'r, the cost of the mater lal I s only a SII811 !H'rcentag(! of the
'o'n) co!', slncl' thl' amount of matf'rlal Is very slIall and lahor for tll!'
work is ('ollsidcrlllJly lilrge. The percentage uf the labor ('ost and/or
prepar,Jtory work Is Iluch larl{f~r than materIal cost. Carbon fiber is
al'plicitlJle to fj'pnlr work froll thIs poInt of view. Moreover. In usual
t"!'llIlir \\·crk. concentralion is paid to; (II the Improvement of structural
pl'rfnrman('l'. (2) r('tainlng- the functions demandl'd by the structurl'. Co!'t
is a S('('orllJary matt(~r In any repair work.

Apart from repair work at this 1I0ment carbon fibers are being
introducf'd 10 newly built structures. The cost of carbon fIbers prevents
it frum IwinK used for newly built structures though the remarkable
p('rformance of carbon flbl'rs has been recognized allong some enginel'rs.
R('s(',jJ"l'h ill\('s\.igatioll Oil ('arbon fibers began In ,Japan and it shows special
promis(', for l'xampll';

(I) offshof(' ulld/(Jr onshore structurps of hig-h durabIlity with carhon
fibers. and

(2) pr('strpsslnl!: telldons uslllg high str(~ngth and modulus carbon flbl'rs.

Products

Carbon fi bers arc composed of more than 90% carbon. I n the fiber,
groups of carhon atoms are continuously con/l(~ctl'd in thl' direction of till'
fiber. Carooll fibers can be classified Into many grades depending upon
mechanicaJ properties and into \.wo types of fIber length. In this paper,
only Itl' (high performance) grad(~ and continuous type carbon fiber is
discussl~d; wht~r(' the III' grade is 11 continuous type with a tensile str('llgth
of jOOkKf/mm~ Illld a Young's modulus of approxImately 24 tf/mm~. Fiber
Jell/{th is f10t J imitcd lind may be ~rcater than 2 kll.

Thl' smallest unit of this tyP(' of carbon fiber is called a
"monofilament" (sc!' H~. I). whJch Is Ii very fine fiber. ~ practical unit
is ("all('d iI "strand" and consists of 1000 to 12000 monofillllll'nts. Strands
ar£' uSUIllly impregnated wIth epoxy resin liS described later. Other
practical product of carbon fibers Is un tape In which strands are
strl'tdlPd in [Jnl' direction. likp a !"loth.

Gerlt'rully. we use \.tit' LD tap(~ impregnated with resin to stren"thpn
structuf(~S and al~() the strands Impregnated wIth resin for t.ransverse
rp I II fn r('pmpn 1 (Sl'(, 1"1 g. 2).



Stress-strain relationship and Impregnation with resin

The properties of HP grade caruon fiber compared with those of steel
are shown in Fig. 3. Tensile strength, Young's modulus, weight density,
and durability are strong points for structural material, but elongation is
so small. from an ideal stress-strain relationship of these two materials,
it is seen that a carbon fiber has neither marked yield plateau nor
hy~teretic energy dissipation, which are highly expected for steel. The
following attention should be paid when using carbon fibers.

1) Use of carbon fibers is limited to the part where the significant
strength is required.

21 Carbon fibers subjected to concentrated stress may easi ly rupture since
stress redistribution is not eKpected due to its brittle behaviour.
Some techniques to reduce stress concentration should be employed.

J) Carbon fi bers are vulnerable to sharp edges, like a knife cut, and hence
some protection on the concrete surface is necessary.

Oflt' measure to reduce the stress concentration is to impregnate ttll'
carbon fiber strands or UU tape with resin. Non-impregnated carbon fiber
strands are very weak but impregnated carbon fiber strands are as strong as
monofilaments (see Fig. 4). We can estimate the strpngth of thp
imprpgnated strand as the SUII strength of the monofilaments ..~Iso, tilt'
area of the strands is assumed to be equal to the net area of carbon fiber
eKcluding the area of epoKy resin. The area of UD tape is defined in the
same manner as the impregnated strands.

TtIP [etrofit ll'chnique utilizes carbon fiber strands and ti:lPPS Vthich
provide excellent flexibility and easy handling before the impregnatinK
rpsin is hardened. While carbon fibers are being impregnated with rpsin,
carbon fiber strands or tapes arc glued or wound on the concrete surfaces.
Then the curing of res!n on the concrete surface Is started. Trying to
impregnate th(' carbon fiber strands after gluing or winding has been found
unrel ialllf'.

In ordinary airplane or sporting goods factories using carbon fibers,
impregnating resin is cured at high temperatures over 100'C for more than 2
hours. In tlIP rl'trofit work for eKisling concrete structufl'S. hmwvpr,
such curing cannot be adopted at all. Therefore, the resin cured f0r 14 to
4 dH)'S (7 days IH 20 C) under ordinary temperatures of 10 to 40 C has IH~pn

de\ploped. I.TC (lo~ temperature curing) type resin was lIsed in this
pxpl'rlmpnt.

Strength of c~rbon fiber (strands) on beveled corners

When a square (rectangular) column is retrofitted by transversely
winding, carbon fibers at corners may easily rupture. Therefore some
prptfl~atmpnts, such as ruunding thp concrete corners, are necessary. In
onh'r to ill\l'stigatp tlH' infllll'IWl' or thp radius Ron th(' tpnsill' stfl'ngth
of carbon /'iber strands, the r"i 1<I~inK tensi II- test was carried out.



(a) Monofilam~nt
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Fig 1 Carbon Fiber Products
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Fig.2 Retrofit Method with Carbon Fibers
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Each test speci.en, as shown in Fig. 5, consists of two end
connections and two carbon fiber strands I.pregnated wIth epoxy resin In
the sa.e way as ordinary construction. The test para.eters are of the same
dimension and shape 8S the end connections.

1) circle pulley connection: varying the radius R (R • 1. 2. 3 and 5 em).
and

:n o('lag-onal pUlley connpctlon whosp anglps arp sharp:
corresponding to R • 0

An ordinary tensile test of carbon fiber strands was also conducted by
employing straight (R = = ) carbon fiber strands. The strength
corresponding to the radius R = 0, I, 2. 3, 5 c. and 00 were therefore
found.

The relationship between the radius I< and tensile strength 0 n is
shown in Fig.6. The smaller radius, the lower strength; the scatter of Ihl'

test results was great. On the other hand, the strength of the test
specimens, with R • 3 and 5 em were approximately 5% less than that of
ordinary spf·('jmpns (R • = ); the scatter was also small. From thf'sf' tesl
rf'sulls it is concluded that the decrease In the tensile strength of car bOil

rlbf'rs on corners ciln be ignored If the radius of the corn('r IS:I em or
grp8lpr.

Earthquake-resistant retrofitting method 4
)

Ductility oriented retrofitting

It is convenient to explain the behaviour of a structure' during an
earthquake by using an energy rather than a dynamic force. In ordf'r to
improvl' the performance of structures subject to parthquakes. the inCrl'ilSI'
in stf(~n~th (stren~th oriented type retrofitting) or deforllation capacity
(ductility oriented retrofitting) is considered. This is done to impro\('
thp pnergy absorption (Fig. 7). Thp cOllparison of the strength oriented
type method with the ductility oriented type method is shown in Table I.
In the case of the strength type, accessories (such as signal guide sign)
af(~ easi ly damaged as the response acceleration Increase. Addi tionally
the increase of weight lIay have effects upon the fou~dation. On the other
hand for the ductility oriented type, the large dlsplace.ent of the pier
may be a problem, however, the rigidity does not Increase and the increase
in wpight is sllall. Therefore. it is a feasible design option.

Rf'trofitting mpthod

(I) Outline

The retroflttlng methods with carbon fibers, for existing He mf'wbers.
are classified into the following two types: (a) "flexural strengthening"
improved shear strength by the increasing the .ain reinforce.ent by
longitudinally glueing carbon fiber un tape on the concrete surface (hI
"ductility i.prove.ent" by gluelng UD tape transversely (or spirally
winding carbon fiber strands onto the colu.n surface). The co.bination of
(al and (b) Is also possible. As shown in Fig. 8, the ductility oriented
type method introduced by Kobatake-Katsullata is that the pier is reinforced
in order that the base becomes vulnerable because of the increase in thl'
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_----, breaking
point

ductility type

_________L- Defor.a t j on

Fig,7 Strength type and ductility type

Table-l Co.parison of retrofitting .ethod

retrofitting increase response deforntion
.ethod of weight (response re.arks

lIcceleration)

strength difficult
oriented type lllrge sull (large) .aintenance for
(RC encas i ng) accessory

ductility slichtly
oriented type s.all large (sulll large
( retrofitting defar.atian
.ith carbon f i bed
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yield strength at the top and bottom of the reinforcing termination point
by methods (a) and (b). Further. In the case of the s.all shear strength of
the base, the main reinforcement at the base yields in flexure in order to
improve a plastic deformation capacity (ductility performance)(aethod
(h)). ]n this retrofitting method with carbon fibers, only the deformation
capacity (ductility perforaance) can be improved considerably without
increase of the induced seismic force. The retrofitting .ethods of (a) and
(b) are described below.

(2) I'!l'xura! strength improvement

It has already been pointed out that under an extremely severe
earthquake loading, soae existing piers may be damaged at the curtailment
position (Fig. 9 (a)). Therefore, the curtailment points are strengthened
In order to Increase the lateral load resistance of the whole pier.
Existing piers are Improved by longitudinally gluelng carbon fiber UD tape
with epoxy resin on to the concrete surface. This .eans that Increasing
.aln reinforcement provides sufficient flexural strength. In the case of
flexural strengthening, UD tape relieves the stress of the aaln
reinforcements at termination points. This Is a kind of lap joint and the
carbon fibers transmit the stress through the cover of the concrete.
Therefore. the complete anchoring and bonding of the carbon fibers are very
important.

The fiexural strength after the pasting of the un tape can be obtained
with standard bending analyses assuming plane section theory.

(3) Ductility Improvement

In this case un tapes are glued in an upward direction by hooping (or.
strands are winded spirally). This means that the Increase of hoop
compression Improves the shear strength by confining the concrete. In lhe
existing piers, there are many cases where not only Is the bending
stren~th insufficient, the ductility Is also small because of the s.all
amount of hoops and shear strength. In additIon to the above flexural
strengthenIng, the ductilIty Is improved by providing the Increase of shear
strength which leads to the flexural failure at the pier bottom (Fig. 9
(b)) .

Load test 15 )6)

Outline of the experiMent

The list of specimens is shown in Table 2. The scale of the spec-impn
was one-third of the actual size of bridge piers (section of 1.2. x 1.8m
and the heIght of about 8m) of the Tomei Expressway. The longitudinal
reinforcement and the hoops were 016, 010 (SD30) and ~ 6•• (SR30) with
200mm spacing respectively. The dI.ensions and bar arrangeaents In the
specI.en and the load test configuration are shown In Fig. 10 and Fig. 11
respectively. The properties of the materials used are shown In Table 3.
The experI.ental paraaeters are presence, classificatIon and area of the
retrofitting of the termination of reinforce.ent and the quant.lty of shear
reinforce.ent at the base. Further, as for shear reinforcellent, bUlli
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Carbon Fiber UD Tape

Carbon fiber Strand

Curtailment Point

fig-8 Retrofit Method Bridge Pier

final collapse pattern

Fig-9(a) Collapse of the curtail.ent point of existing piers

retrofillinc final collapse pattern

Fig-9(b) Collapse after the retrofitting with carbon fiber
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Reproduced from
best available copy

T'lbl(' 2 List of specimens

l
I,

length of n' i nfofceDlt'nlStn'ngtlll'ning
OIl' I hod

r~, il~~~~~,-~T(~urt ai Iment

I
lion.of" Ipoint
"pl'('IIIII'11 S !

f - ----j--- -- --- -~ - -- ----------l-------------------

I \0. 1 j ::n::C'~I;ur~lld non- Basic specimenI fl'infofeelllPnl

I
f-- ;(~-;- - 11l('IUd~'d !{(:infOrC('OI-p-n-t--+-R-p-l-n-f(-)-re-ect--I-ength of

I
wIth steel upper-40cDl and lower-20em of

I platp the curtailment point

L (t =2 . :311I01. SS41) I
I --+ --+-----+---------
i \O.:~ ,lnC'ludl'd f{l'inl'ofceml'nt (l.ongitudinally) reinfor<'('(j I

i 'I with carbon length of each 45cm of
I I filwrs upper & lowef of till'
i: curtai Iwent fJ"int wi th two

layer UD tapes

(Transver~ely) reinforcea
length of each 45c. of
upper & lower of the
curtailment point with two
layer L'D tapes

~._------.jf---------4-------+-------------_.----l

Included Reinforeellent
wit h carbon
f i b('rs

(I.ongltudinaliy) reinforced
length of upper-30cm and
lower-25cm of the
curtailment point with two
layer UD tapes

(Transversely) reinforced
length fro. upper-30c. of
the curtail.ent point to the
top of the footing with
strands (strand: 2.5am
spacing)

'\01 illC'ludpd RI'!nforcement
with carbon
fibers

(Transversely) reinforced
!pngth of upper-60cm from
the top of the footing with
two layer UD tapes

(Transversely) reinforced
length of upper-60cm fro.
the top of the footing
with strands (strand: 5.0••
spacing)

Included Reinforcement
with carbon
fibers

~--------1~--------4-------+-----------------1

'\0. {j
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pasting and winding methods of applIcation were co.pared.

Specimen No. I was a typical existing pier model with termination of
the main reinforcement. The position of the termination was 90e. above the
hasl' and half of till' longitudinal reinforcement was curtailed there.

Specimen No.2 was encased with a steel plate sheath (t=2.3.m. S54I).
The length was 1.5D (600•• ). It was placed ID (pier width in bridge axis
direction: 400mm) above to 0.5D (200mm) below the termination points.
These plates were connected with epoxy resin and bolts.

Specimen No. 3 was reInforced with two UD tape layers (175g/. 2 per
layer; total: 350g/m 2

) in both longitudinal and transverse directions.
The layers were glued with an epoxy adhesive agent and had the total length of
900mm which was about I-D (450.. includIng additional length of 50mm) at
both the upper and lower sides of the terminatIon poInts.

Spl'ciml'n No.4 was reinforced with two UO tape layers in the
longitudinal direction (175g/Il'" per layer: total: 350g/m"'). They were
glued with an epoxy adhesive agent In the total length of 550mm (300mm
abov(! and 250mm below the termination poInt respectively). The bottom
1200mm of thl' pier was provided transversely with strands (2.5mlll spacing).
The longitudinal reinforcing length of specimen No.4 was smaller than that
of No.3. but the length of transverse reinforcing was over the bottom
650mm of the pier.

Specimen No.5 had two layers of transverse UD tapes (175g/m 2 per one
layer. total: 350g/m"'). which were glued with epoxy resin onto the
specimen. The reinforcement was not curtailed in this specimen and un
tapes extended to 600mm from the base.

Spp('jmen No.6 without the terminaUon point was reinforced by
strands (pitch: 5.0mm) in the area of bottom 600mm of the pier. The
reinforcement quantity was one half of that of No.5.

The difference in the repair techniques and the reinforcing effect was
confirmed by specimens No. I to NO.3. Next. the length. quantity and
method of the retrofitting with carbon fibers at the curtailment point were
investigated by spl'C'lmens No. I. No.3 and No.4. Further. the length.
quantity and method of the retrofitting with carbon fibers at the base were
evaluated by sp('cinll'ns No.5 and ~o. 6. Since quantitative data is
necessary for IIII' shear design of the base. reinforcing quantity at ttll'
basI' in sp(!('inll'n '100. :i InlS redu('l'd to onl' hal I' of that of" "0. 6.

(2/ Loat1ing

The load was applied to the pier with the base fixed to the reaction
floor. The loading hysteresis was decided depending upon the measured
strain of the main reinforcement. After several loadings with the
predetermined tensile stress of the reinforcement. a repeated loading
regim0 wa~ pl'rf'ormed with dlsplaC'('m('nt amplitude of Integral mUltiple of
the yielding displaeement-o y of the reinforcing bars (0 y.20 y .... ).

The dl'tails of the loading hysteresis are shown in Fig, 12. In the
lsI c)'(·II'. II crack inil ial ion load was given. At the 2nd or 3rd cycles. a
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Table 3 List of the .aterial strength

Reinforcing bars, (kg-/e. 2 ) Dl6 3770 (5480)
Yield strength (tensile strength)

0]0 3760 (5350)

06 3370 (4430)

Compressive strength of concrete Footing part 362
(kgf/cm 2 )

Pier part 296

Carbon fiber. (kgfIc.") UD tape 28000

(Tensile strength) Strand 29100

• Evaluated with the actual sectional area

6x6y

5Xl)y

-'
o.......
c
o
lJ

-'o.........

2 to 3 cycl~, load: ot·1800kgf/c. 2

4 to 5 cycle: load: ot-2700kgf/c. 2

c:: ~--t- .... 110 r::u C1>

""
E 16C1>
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ccurrcnce ~f ~rJj~ V

V \ ,ot= 1800k~f1cm2

(Allowable tensile
unit stress) At the ti.e of yielding

of reinforcing bars :&y
ot = 2700kRffcm2 2X6y

iAIlo~able tensile unll
stress durIng earthquake) 3X6y
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'"....r::
0
N

....
0
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Loading pattern
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load corresponding to the allowable steel tensIle stress (0 , =

IHOOk~f/cm2) was applied. At the 4th or 5th cycles, a load corresponding
to the steel tensile stress (0 t = 2700kgf/cm 2

) during enrthquake was
appl ipd. (;yc!ps {j to R werf' carried out to a reinforcement yield stress
o!' {) y. In addition tile following loads were given respectively: 2l y at
('y('l('~ ~I to II. :~n Y ill cycl('s 12 to 14, 40 y at cycle 15, Sr5 y at ('ycl('
Ie. and br'; y iii eyelp 17. lp to ('yele 5, the testing was load controJII'd.
llll'lI tll(' displacement control ",as introduced. The constant axial C'ompression
or ]·1.4 ton \\ih lippi jed in /HI)" CIlS!'.

( 1 I Load i ng ('and i t i on

TIIP list of experim(~nt.al results Is shown in Table 4. Both th('
!olld-deformatiofl relationships and cracks at the end of the experiment are
sho\\n in Fig. 1:1.

:\t ~(j y tll(~ main reinforcement above the termination point yielded,
ilnd till' craeks propag-atec! thprp. At 30 Y. the concretp wa!i pxpalHlpl! in 1hI'
horizolltal dir('(,tion due to bucklin~ of the compr('ssion reinforc('ment abovp
til!' terminatioll point durIng- the first cycle to this dil'placement, th('n thl'
sustailll'd load de~reased. At thp termination point. the spalling of the
('O\'('r ('(In('rl'l(~ and huckl ing of the compression lDain reinforcement W8!i
oh!if'rvl'd.

Sppl'impn with stl'pi plate (Specimen No.2):

1'!C\Urill crilc'ks ~rc~ jusl 1H'(ow til!' reinforced section during' thr'
rl'lH'a1p!l (olJding; to 2n ~ and thp stpel plate yie~ded, anI! the sustainl'd
load uecrl'asl'd.

Nl'inforced spc('lmpn with curtailment (Specimen No.3):

~Iexural-shpar crdcks occurrrd below the reinforced section durln~

I()adin~ to 40 y, and a part of the UD tape was damaged with the g-rowth
of the cracks. The sustained load also decreased.

R,~inforCI'd spl'ciml"'1\ with curtailment (Specimen No.4):

Sinc(' til(' :;' n~ngthl'rH'd region was reduced, the main n~inforcenH'nl

yielded jus1 ahove tlw strengUwnl'd area. and the main rl'inforceml'nl uf till'
basI' yielded simultlin('ously. When the load incrcaspd up to 4~ y, thl' hon<1
of lhe un tapp with the con('rete failed and the sustained load decreased.
Further, with an increase of the load. large flexural cracks occurred on
thp lower end of the strengthened region of the UD tape, and the expansion
of the concrete around the cracks Initialed at the last cycle to 66 y.
lIowe\'ef, at thp deformation up to 70 y, the reduction of the sustained load
was rather small. The carbon fibers failed only at the part of thp
strands.
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Tallie 4 Expl'riml'ntal results

-

Classlfi- Cracking- load (t r) Yll'ldlng loud (t f) Maximum load ( ll')
(':11 iOll or
spl'l'iml'll I.oad Di spl acement Load Displacement Load Displacement

11 f) (11m) (t r) (mm) (t f I (mm)
f-------- .-

\0. J 2.H 2.1 10.4 20.£) 1I.5 (; 1 .7

~~
----~ ---- ----
:1 . () 2. \ \2.0 24.4 \ :\. 2 5:1.4

--- ----I----

\0. :\ .) - I. !l 12.4 26.0 \3.9 55. :\_. :)

-- ---------

\0. 4 .) - 1. !l \2.7 27.:\ 1:1.7 5:1.7_.:)

---

]'n. 3 ~.H 1\ . ~l 22.0 15.5 244.2
--------f--

\ O.!; ,2 . ;; 1 . ~l 1:\.2 2H.:l 1:1. 9 :;2.1
____________ J___ ____ ____
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Specimen with reinforced base (Sp~cimen No.5):

Spl'l'inl<'n \0. 5 sustained the load up to 116 y (the maximum capacity uf'
till' luading' apparatus). Thou/;h till' concrete of' the base of the piers was
suhjl'ct to local 11 am a/;\' , thl' COIHTl'te covered wi tt. the UD tape did nol
f'ai I .

Specimen with reinforced base (Specimen No.6):

TIll' main reinforcement yielded Ilt tile hase. and the cover concrete
1)(,[;8n to swell due to the bucldln~ of the compression r~lnforcement of the
base at ttw descent load cycle to 56 y. The behaviour was di fferent from
that of specimen No.6 where the carbon fiber strands of the swelled part
failed, and simultaneously the sustained load deneased. ~Ith further
loading. Dlost of' till' carbon fiber strands in the distance of I> from ttl!'
base failed.

I;:: J Curvdtl.'re rat io

Specimen ~o. I had the maximum curvature ratio at the base during the
luading of 1<5 y. while the curvature at the termination point was maximum
afll'r thl' loading- of 26 y.

In specimpn So. 2 the curvature of the reinforced area was mInImum up
to the load of 26 y. However. later the curvature just below the
f1'illflll"l'l'd iln'a ",as maximum at til\' load of :~c5 y.

In spl'cimen ~o. :1. it was found U1I3t thl' curvature ('han~ed on tlw
!()\ll'r silk of tl1(' rl'inforced arpa after 26 y. After 46 y, this behaviour
became ["('lIIarkab h~. and t!Jen fai IurI' was observed.

WIll'n specimen No.4 is compared with specImen No.1. it Is found that
the curvature of specimen No.4 is smal]~r than that of specimen No. I
probably because the termination point of specimen No.4 was reinforcPrl.
However. just below (300 to 500mm high) the reinforced area with UU tape,
the curvature of specimen No.4 was larger than tha'_ of No. I specimen.
The curvature 01' specimen NO.4 at the base was larger thall that of
Spl'l'jl'D1l'1l \0. I. And, the ('ur\'atUf(~ at the IHell higher than 1:~9cDl lias
alllln"t j'pro. This D1l'ans that il rig-it! tJl'lI:lvior w;:s prpdomin:lnt.

Sj)('('iUII'JI \n. ;) shuII-I'u ttH' lIIilXilllUIII cUr\atun' around thl' hasp.

Sp('('imp!l t\o. 6 showl'd a fairly large curvature at the base. In the
final cycle. curvature Increased rapidly in between the height of 500 and
7000101. prohahly Iwcause the failure of carbon fibers lost the confining
pressure and then the curvature increased. Exec,t for thL final lo~rl

cycle, thp curvature decreased with an Increase In the h~ight. And. at the
ar.'a \lith a height of 700mm. thl' curvature lias almost zero. This meal1~

that II rlg-id Iwhavior was prl'dominant.



Concluding remarks

Throu~h the experiments on the scaled models for piers wIth or
without carbon fibers, the following conclusions can be drawn,

II IlUI' to thl' application of the UD tape in thp v('rtical direction for tllp
f"('jnl'orcenll'nt ilt ttw lPrininiltion point. the flc/lural strength incf('as('d,
and !hl' fai lurl' of the piprs was moved from the position of ll'rminat ion
of r,' i nI'll n"p/IIPIJ1 to thl' basI'.

:.') ~iHC(, ltl!' ('OIH'rpte and the main rpinforcempnt are confined bv (Ipplyin~

III lapp trans\,prseiy (or "'inding of carboll fihl'r strands) 1.1\ thl'
reinforcement of the bases. a sufficient ductility may be obtaIned.

~) The general evaluation on the experimental results shows ~hal the
carbon fjbers for exIsting RC pIers wIth a small change in rIgidity
prll\icl{'-; TIll' I'ffp('tive earthquake resistancl'.

·1) Thl'n' an' only minor differencps i.Jetwepn thl' winding method with carbon
rih!'r "lrand" ilnd thp pasting mplhod trans\!'rsl'ly with carhon filll'r III
lap" as tli(' shl'ar rl'inf()rceni(~nt in till' transVI'rse direction.

:;) I'/lperinu'nls Ilrp continuing to pvaluatp the effect of carhon rillPrs in
thl' rppnir of Re pirrs quantitatively.
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FAILURE CRITERIA OF ORIGINAL AND REPAIRED RC MEMBERS
WITH HYBRID EXPERIMENTS

H lemura (I)

K. lzuno (II)

Y Yamada (III)

SUMMARY

USing experimental simulation of the inelastic restoring force properties by HYLSER (Hybrid Loading

System of Earthquake Response). seismic behavior and failure criteria of onginal and repaired reinforced

concrete (RC) members are investigated. This paper presents effect of different repair techniques on the

stiffness - deter;~rating process and energy - absorbing capacity Results show that the stiffness deterioration of

the repaired .:.pecimens resembled that of the unrepaired originals when suitable repair methods were used.

Energy - absorbing capabililies also were regained for adequately repaired specimens. Seismic risk of

unrepaired specimens with minor cracks was also evaluated using the damage index.

INTRODUCTION

Some structures that were rendered nonfunctional by earthquakes could be reused after repair and/or

strengthening of the damaged parts. The use of epoxy resin in repairing RC members has been found to be

applicable and effective (Ref I). The important thing to detenn;".- is how such repaired structures will respond

during future earthquakes. Current analytical models cannot account for the additional materical inhomogeneity

introduced by repair materials to the already complex RC section. Hybrid experiment.. provide a very effective,

powerful techniques with which to investigate the earthquake responses of such complicated materials as RC

members and soils (Refs. 2. 3, 4, 5).

A description of HYLSER (Hybrid Loading System of Earthquake Response) used to analyze repaired

RC members under varying bending loads and constant axial force, and an analysis of the stiffness deterioration

process for these members during earthquakes are given. A comparison of the energy - absorbing capability of

the original and repaired members also is made.

HYBRID LOADING SYSTEM OF EARTHQUAKE RESPONSE (HYLSER)

Test Pieces

Eleven specimens were used. all having the dimensions 100 x ISO x 1900 mm (Fig. I) and a distance

between supports of 1500 mm. Two specimens were doubly reinforced by deformed bars 016 (steel ratio p =
3.1%). whereas the rest were doubly reinforced by 010 bars (p = 1.1%). Concrete was confined by providing

stirrups (6 mm in diameter) every 70 mm. Mechanical properties of the concrete and reinforcing bars are shown
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in Tables I and 2.

!iYLSER System

A hybnd loading system of eal1hquake response, called HYLSER (Fig. 2), was used to test specimens

modeled as a single - degree- of freedom system (Fig 3). A microcomputer was used to solve the equation of

mOllon In order to obtain the defomlation at the next time step.

mx(l)+C.r(l)+F(x(t»=-mz(t) (I)

In ~hlch, m is the mass; x(t) the relative displacement at time t, c the damping constant. F(x(t)) the hysteretic

restoring force at time t: i the ground acceleration; and a dot (0) indicates the time derivative.

Dividing Eq.( I) by m leads to

c F(X(l») .
x(t)+ x(t)+-~--=-z(t)

m m

(\llbidcring the initial condition. the thlnlterm of Eq.(2) becomes

F(r(O)
·=w

m

in v,hich. w is the initial natural angular frequency w IS calculated from

2rr
w=

T

(2)

(3)

(4)

In which, r IS tile initial natural period of the modeled struclUre (Fig 3) Using Eqs.(3) and (4), corresponding

mass used in the experiments for a given structure is determined from

m=fJxjQl) =fJr(O)) T'
w' 4;r'

In addition. the second term of Eq.(2) can be calculated with known relation of

.c;. =2hw
m

(5)

(6)

in which, h is lhe damping ratio We assumed T =0.5 sec and h=0.02 for all cases

Both the linear acceleration and central differential methods were used for the step- by- step integration.

In solving Eq (I). F(.r(t» could be estimated directly from the on - line experiment. The actuator controls the

mids;1an of tile specimen uSing the computed displacement x(t) sent through a DA (digital to analog) converter.

In return. the computer gets the measured restoring force F(.r(t» from the actuator received through an AD

(analog to digital) converter. The flowchart fur this on - line procedure is given in Fig. 4

The axial force - generating mechanism, in which a constant axial force is sustained by high - pressure

oil huilt up by pressurizing air IS shown in Fig. 5. The three values of rhe axial load u!iCd (N =4.0 tonf 139 kN].

20 lonf 120 kN] and 2.7 tonf 127 kN)) reflect values for real bridge piers based on Ref. 6

The NS - components of the EI Centro record (1940 Imperial Valley eanhquake. U.S.A) and the

Hachinohe record (1968 Tokachi - Oki earthquake. Japan) were the input earthquake excitations used. 30

seconds of these records were used. They were set to have the maximum values in the range of 100 to 300 gal
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(cm/sec'). During the experiment the specimens were pseudo- dynamically tested over a period about 80 times

longer in order to observe detail of the response. The schedule of loadings for the entire experiment is shown in

Table 3.

REPAIRING

Three repair methods were used as follows.

Type I The Epoxy Resin Grouting Method

Most of the test pieces were repaired by this method. First, mixed epoxy resin and sand were put on the

heavily damaged parts, then, setting pipes were attached to the cracks. and sealed with epoxy bond. After that,

epoxy resin was grouted into the cracks using the BICS (Balloon Injector for Concrete Structures. Ref 7) at a

low pressure of about 3 kgf/cm' (0.3 MN/m'). The BICS is diagrammed in Fig. 6.

TyJ)C II: The Reinforcing Bar Welding Method

Two specimens. in which the reinforcing bars had buckled, were repaired by this method. First the axial

force was unloaded, and the concrete around the damaged bars removed. The same type of steel as in the

damaged bars (two times the length of the buckled segment) was welded to the reinforcing bar, after which the

segment was repaired with a mixture of epoxy resin and sand. Epoxy resin was grouted into the cracks by the

SICS device used for Type I repair.

Type III: The Steel Plate Covering Method

Three specimens were repaired by this method. The damaged segment (Fig. 7 - a) was filled with

mixture of epoxy resin and sand (Fig. 7 - b), after which steel plates were bonded to the damaged part w:th

epoxy resin (Fig 7- c). Epoxy resin then was grouted into the cracks by the techniqu~ used for Type I.

The steel plates used were the same length as the damaged y.ltment of concrete for specimen 5, but

twice the length of the damaged segment for specimens I and 10 The thickness of the steel plate used was

computed as having the same moment of inertia as the original reinforcing bars; that is. the moment of inertia of

the specimen was restored to the original value by the steel plates used, dssuming that the damaged reinforcing

bal:> were totally incapacitated.

This method is much easier to use than the Type II method in that no unloading of the axial force nor

removal of the concrete around the damaged part is necessary. Nevertheless. careful attention must be paid to

how the steel plates are bonded to the damaged segment.

EXPERIMENTAL RESULTS

Original Specimens

Data for the original specimens were taken from a previous study (Ref 8), for which the main were tho I

(I) a high axial force resulted in a higher yielding level and lower ductility of the specimens.

(2) the stiffness of the specimens with I-igher reinforcement ratios (specimens 10 and II) was 50% more than

that of the others. but the yielding loads were 100% more.

(3) when a high axial iorce was acting, a specimen failed with just one large plastic deformation.

Type I Repair (The Epoxy Resin Grouting Method)

The hysteresis loops shown in Fig. 8 are for three similar specimens subjected to different input levels of
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acceleration. :-Jote that the onginal maximum values for the restoring force were reached even after repair In

tests without axial force (Ref. 8), damage took plan' not to the repaired segment but adjacent to it In tests made

under a'\ial force. cracking and crushing or the concrete appeared midspan in the test pieces. This is hccause

damage to the reinforcing baf', at the cenler was srvere.

hlr a ma,\.mum acceleration of -,()O gal (Fig. 8 - cl, the maximum restoring force was almost the same as

hcfore repairs were made: but. reduced ductillly caused early crushing of the repaired spt'clmen For specimens

111 \\ hleh Iht' relnfon:ing bars arc badly buckled. repair by thiS method does nol restore th\' onglnal high strength

under dynamic loads: therefore. Type I repair should be used \\ ith caution

The center of each hysteretic cycle for the repaired specimens drifts much more than originals. Though

the ft'paireJ specimens behave stable for a low input motion. they show a big displacement response for a strong

ImpulSive input. As the repaired specimen consists of concrete. steel and randomly vanated epoxy resin.

lomple, material caused thiS unstable response.

Cn", Sl'ctlonal Vie" s \,f the T\ pc I Repaired Specimen

The damaged speCImen H after the loading test was cut Into several plcces using a diamond cutter to see

the cross sections precisely figure q shows Ihe places at which the specImen was cut. and Fig. 10 sho.... s Ihe

cross src!lonal views of the specimen. The solid lines are cracks of the first loading test filled With epox)' resin.

lhe dotted lines arc new cracks of the second loadmg test. and the shadowed areas are epox), mortar used to

repair Ihe broken unconfirmed segment The loading direction was vertical in this figure. The following things

\\('rl' ohserved:

(I )Epo\\' resin was filled even in lhe cracks of () I mm wide Accordingly. it was verified that repair \l.ork has

het:n successfully done

(2)The cracks of the second loadmg test were much less than those of lhe first loading test. And they did not

appear in lhe same region of th\~ first loading, nor the unconfined concrete did not fall as before. These were

caused by the hIgher tensile strenj!th of the repaired specimen With the grouted epoxy resin

(-')The cracks of the second loading were totally Wider than those of the first loading. As the cracks were less

Ihan before. deformation might be concentrated to those cracks.

hl'l' II RepaIr (The Reinforcing Bar Welding Method)

The hysleretic loops before and after repair of specimens are shown In Fig II Afler repair. Ihe

specimen was stronger in one direction than in the other This was because the two repaired reinforcing bars

were located on one side of the specimen.

Second Loading without Repair

In a previous study (Ref. 8), we found that specimens with minor cracks could be adequately repaired

',11th epoxy resin In the study reported here. strong acceleration also was applied to unrepaired specimens to

obtain heavily damaged s~clmens and to observe the destruction prrlCess. All the test pieces were dam::ged at

their midspans. Two of them (specimens I and 5) collapsed. but the specimen with the high reinforcement ratio

(specimen 10) was not completely crushed. After the first large deformation. however. the specimen simply

folded and never again straightened.

Large defonnatlons were present after only a few cycles (Figs. 12 - b. 13 - b). This means that all the

specifTl'.:ns were severely damaged after the first loading tests As the yielding accelerations of the reinforcing

!lars were eSlimated 10 be 90-120 gal (Ref 8), these bars might already have yielded after the first loading tests.
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(7)

Tvpe III Repair (The Steel Plate Coverip,; Method)

A compal ,on of Fig 12 a and c, and of FIg 13·· a and c. shows an increase 10 the restoring - force

capaCities of the repaired specimens. Two causes can be cited In calculating the thic"ness of the steel plate, the

c,ld reinforcing bar!' were assumed 10 be 100aily ineffective: whereas, 10 reality, these may have retained some

n'''~lances 1\lso. a~ the location of the plastic hinge moved from the center to the edge of the steel plale, a

IJr~rr force \IoilS needed to bend the speCimens

Afler the third 10adlOg, strong acccleralions agalO was applied 10 the repaired spelimens (Type III).

""Ihout anv further repair, to ohserve thclr behavior 10 an extreme state The hysteretic loops shown 10 Figs. 12

d and 13 d, srceimcn c, whose steel plate was as long as Its damaged part, was severely mangled, the concrete

being crushed al the edge of the steel plale under compression. In contras'. the other specimens. whose steel

plate~ ",ere t\loice the length of their damaged parts, did nol suffer great damage. The steel plates camr away

fmlll thc"e ,pecllllcns ill mldlcngth. and many crac"s developed in the concrete In the vicinity of their midspans.

The 11\'ICll'tlC loops for these specimens also were stahle: accordingly, the length of t~.~ steel plate to be used in

ITI'''II'' nlU,;l be carefully conSidered In addition. further study is needed to detennine the adequate thickness of

the ~Il'el plates

STIFF~ESS DETERIORATION PROCESS

Suitable Index for Stiffness Deterioration

There are rTlany definitions of equivalent stiffness. For example, the slope between the origin and the

pOlOt of ma\lrTlUITI reslOring force is the well "nown definition for the equivalent stiffness. But this equivalent

sl;ffness underestimates the stiffness when the center of tilt l:}'5teresis loops goes away from the origin (Ref. 5).

I'or thiS reason, we looked for olher definitions of stiffness to obtain a ~u:"2 ....cter for describing the stiffness

delenoratlOg process We considered two definillons as shown graphically in Fig 14.

Thc "cquivalent stiffncss". K'l}' is definrd as the slope between the midpoint of two zero points of

restonng f0rces and the point of !aximum restoring force in a half cycle. Taking inro account the half cycle of

the hysteresis loop, from time I, to I •• K,u can be wrinen

K . - __ F(I(~JL __
,,,,-- I(U- I(U;X<t.)

in which, I, IS the timc when the loop crosses the x - axis, F(x(t/»)=O; t, the time when the restoring force haf. :;.j
maximum value: and I. the time when the restoring force again is zero, F(x(t.))=O. In contrast, the .. up' ....u·ng

stiffness". K
"

is defined as the slope between the starting and end points of the unloading process.

(8)

III "h Ich, t I IS the time when unloading beg illS. These two stiffnesses were compared for all the tested specimens

III order to obtain an adequate description of the stiffness deterioration process.

The stiffness deterioration process for specimen 6 in ~erms of the two defined stiffnesses is shown in

Fig 15. At about 2 seconds. both stiffnesses begin to deteriorate, after which the equivalent Sllffness, K..u•

incrcases :;omcwhat. whereas the unloading stiffness, /(" remains ,,-,most constant. A similar comparison (Fig

16) was made for specimen 5, on which a second loading was imposed without repairing Ihe damage sustained

during the initial loading Aoout 2 seconds into the second loading test (32 seconds after initiation of the test).

the specimen collapsed. Interestingly. at the start of the 2nd loading, K,v regained its initial undeteriorated
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stiffness value Also K'lJ became exceedingly small when deformation was large. resulting in an abrupt drop in

the computed K'lJ value. For these two reasons. the stiffness deterioration process cannot be properly described

hy equivalent stiffness (K'II)'

Although the unloadtng stiffness (K, ) also varied, its trend was as expected for;. degrading system The

1\, ~llffness therefore is considered an adequate index of the stiffness deterioration process

Stiffness [kteriorallon Process tn Repaired Specimens

Three time histOries of the K, unloading stiffness are shown in Fig. 17. K, hcgan to decrease (initially

markedly) when the specimen was undergoing severe deformation This was abou. 2 seconds after the

begtnning of loading when the EI Centro record was the input used (Fig. 17 - b. c). and after about 8 seconds for

the Hachtnohe record (Fig 17·· a) K, took almost constant value after the maximum response of the specimen.

Both processes would have heen similar If the input eanhquake motions had heen the same. In general. we

conclude that the characteristics of the input eanhquake are the dominant factors in stiffness deterioration; the

characteristics of the specimens have lillie effect on it

The final deterioration ratios shown in Tahle 4 are defined as the ratio of the 1\, unloading stiffness at

the end of the test 10 the 1\, at the hcginning; smaller values represem greater deterioration For all the

spl'cimcns, except r-;o. I. the deterioration ratios of the repairtd specimens are larger than those of the

unrrpaired specimens.

The inillal stiffnesses of the specimens repaired by the epoxy resin grouting method (Type I) are ahout

SO'o those of the unrcpaired originals For the originals. the deterioration ratio is proponlonal to Ihe strength of

the Input acceleration; whereas. there is no correlallon for the repaired specimens (see Figs. 15· a. 17 hand

T<lhle 4). POSSibly, the difference In the amount of eIX x)' resin used in relation to the degree of damage may

have produced the vanations In the characteristics of the repaired tesl pieces

The deteriorallon ratios of specimens repaired by the reinforcing bar welding method (Type II) and the

steel plate covering method (Type III) arc larger than the original ratios. panicularly for Type II specimens

which are much larger (Fig. 17 .. c and Table 4) During the experiment. we observed thill deforma!ions of

rl'ralred specimens were ,mallcr than those of the unrepaired originals. The inilial stiffnesses of specimens

rep,ureJ by the Types II and III methods are about 100 to 110% those of the unrepaired specimens.

ENERGY DISSIPATION

Energy - absorbing capabilities should be taken account when investigating damage 10 specimens.

Energy panltioning IS calculated flOm the following equation derived from the equation of motion. Eq.( I);

J' JI f'" J'm iidt+c i"dt+ F(x)dI=-m z.rdl
(I 0 J ( 0

(9)

The first term on the left side of Eq.(9) represents the kinetiC energy. W., of a specimen at time t, the second lhe

ah"orhcd viscous damping energy, Iv.. and the third the absorbed hysteretic en"rgy. W. The right side of Eq(9)

represents the energy imponed, E. hy earthquake motion. Thr absorbed hysteretic energy. W•. is a major factor

in the slructural damage produced by cyclic loadings. It is calculated as heing the area enclosed by the

hysteresis loops. Each tenn of Eq.(9) per a half cycle of the hysteresis loop is calculated slep by step for all the

tested c;pec;mens.

The difference between the hysteretic energy dissipation of the original specimens and that of the

repaired specimens can be estimated. First. the ratios of W" and W, during earthquake response are compared.
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There IS hllie Jiffrrence betw,'en the energy panicipation of the original specimens and that ot' the repaired

matenal. excef)t ""hen the IPput acceleration is not strong (Fig 18 - a). The ratio of the damping energy, We, for

tile repaired specimen IS conslJerahly larger and the participation of the hysteretic energy, WH , less than that of

,,,i' original This is because the clas!ic range of the RC members was Wider after repair. When the input is low.

specimens behave like eiastic members.

As the ·10\J[ c3rihquake becomes stn.nger, the differencr betwren the energy participation ratio of the

repaired members and thaI of the origil.als decreases, (Fig. 18 - b and c) For instance, there is no difference

"hen the input 1cce:~r~Ii;Jr. "'"'5 Ihe EI Centro record with maximum values set at 200 and 250 gaL This means

Ihat the same max>Tlum def{,rmat;on is 10 be txpected from the S<lme degree of eanhquake motion even after

repair

The ratio of the hysteretic energy (W,,,) dissipated during one experiment to the total input energy (E,) is

ploned in Fig. 19 The broken line shows Wm =E, The solid line is derived from the least square fit of a straight

line:

W.,.=aE,-b

In which. a =068: b = 3.4 Tile ratio of W". to E. is derived from Eq.( 10) when W"" E, > O.

(10)

, {o"' .,.- = b
E a - -

E-

(0 <E.:i 5)

(E', > 5)
(II)

The tOlal abs(lrbeJ hysteretic energy is In proportion to the tOlal input energy. For a low input excitation

of E, <> 5 tonf·cm (O.S kN·m). the total £, input energy changes to W, and W.: ie.. W". =0 As the input

eanhquake becomes stronger, the contribution of W" Increases. and for a large input excitation. the ratin of WH,

to E, IS almost constant. Let £, in Eq.( II) be inf'nity. then the ratio of WH , to £, becomes a =0.68.

Fig. 19 shows that the ratio of WH , to £, is not affected by any difference in the specimens or the input

acceleration. e",cep' for a low range of E, as ,.liscussed before (Fig 18). Becau!>e a constant damping ratio of h =

002 was assumed fm all cases. no effect of the dam:,ing ratio need be considered.

:'EIS~HC RISK OF UNREPAIRED DA\-1AGED MEMBERS

The damaged members could be left unrepaired after an earthquake if damage is not so serious. The

response, however. for the next earthquake is quite different compared o\'ith a new specimen. This section

discusses rffect of the unrepaired damage to the future seismic response using the damage index. Park, Ang and

Wen (Ref. 9) proposed the damage index as a following equation to meaSllre seismic damage of RC structures.

( 12)

in which. D is the damage index: 0,,- the maximum displacement response; O. the ultimate deformation

capacity; Q. the yield capacity: dE the dissipated energy increment: {3 a constant for the strength deterioration

per cycle. {3 was sel 10 0.25 <l...<:ording to Ref 9. The damage index takes values between 0 and I, where I

expresses collapse The first term of Eq (12) represents damage suffered by the maximUiIi denection. and the

second term represents damage due to the energy - absorbing procedure discussed in the previous section

Fig. 20 shows the damage indices - time histories of (he specimens. To see effect of unrepaired damage

for the future response. specimens I and 7 were compared in Fig. 2J - a••10 input acceleration for the second

loaLling of specimen I and for the first loading of specimen 7 were the same 1=0; the same reason, Fig. 20 - b

compares speW'lens 2 ?nd 6. The damage indie ~s. D, became I~~ger than 1 in all cases of Fig. 20; it signifies



collapse of the specimens which corre~ponds to the experimental results.

D of specimen 6 became I atl3 seconds from the heginning ufthe e,perirnent (a hroken line in Fig. 20··

h). <lnd It increased little to the last value of 1.1. 0 of specimen 2. to the cOlllrary,took I at only 2 seconds fmm

the heglnning of the second loading test. which is shown in a solid line of fig. 20 b. For speCimens I and 7

sh'1\\ n in Fig 20 a. their damage mdices rea hed I simultan('ously, hut thev behave quite dilTerenl after that [)

of 'I1l'Clmen I mcreased rapidly and the specimen collapsed while [) of specimea 7 stays 17 The damage

Indl'\. n. showed effect of unrepaired damage to the future seismiC hehavior numerically

The values of the fust reml and the second term of Eq (12) arc also ploned in Fig. 20. The first term

In,ITa,cs "hen the Input acccinallun becomes large; at 2 second for EI ('cOIro record and at I () second for

Ibchll10he record. After that, It keeps the same \alue during a response. The second term keeps on increaSing

throughout a response. .A.s the mput earthquake motions were strong and short. the effect of the first term 10 [)

"3S high, which shows damage res<llling from the large deflection was maJor.

CO:"CLUSIOSS

The sriffness detefl(lratlng and energy Jh~()rhing proce~<;e~ of repaired J.(C memhers "ere studied The

m" In rl'~U Its are as follows

Specimens repaired hy the ernx)' resin groUling method showed similar dynamic hehavlor if (heir relllforcing

hars had not huckled.

2 Specinwns repaired hy the reinforcing hJr "elding method showed asymmetric hysteresis loops whrn onl:..

llne Side had heen repaired

J. SpeCimens repaired hy the steel plate cO'-erlllg method could bear more load than the unrepalred onginals

when the thickness of the steel rlates had been selected as hilVing the same moment of inenia as the original

reinforclllg hars

.1 '-;tiffnl'ss deterioration (an he estimated f,om the unloading stiffness. K,.

'i Ihl' characteristics of the inrut accelcrograrn. not those of the specimens. are the major factors operating 'n

stiffness deterioration

fl Sriffness deterioration in repillred specimens depends on the method of repair, The prOC(SS in a specimen

repaired hy the epoxy reslll grouting method is similar to that of the unrepaired original; whereas, the stiffness

llf specimens repaired by the remforcing bar welding and steel plate covering methods deteriorated only 50%

1r1 compa,ison to values for unrepaired specimens

/ The ratios of the initial stiffnesses of the repaired specimens to those of the unrepaired originals were about

SO% for the epox), resin groullng method and ahout 100-110% for the reinforcing bar welding and steel plate

(overing methods

8. The ralio of the hysteretic energy dissipated during one loading to the toral input energy was an almost

constant 7U% when ihe constant damping rall11 was used and the input earthquake was strong enough 10

produce inelastiC defomlation

" The damage index - time histories verified that the seismic risk of unrepaired specimens with minor cracks

were much higher than new specimens.
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Table I Strength of concrete. Table 2 Mechanical pmpenies of the reinforcing bars.

Compression

Tension

300 kgf/cm'

30 kgf/cm'

(29 MN/m')

(2.9 MN/m') Nominal Diameter

010

0.953cm

DI6

1.590 em

Young's Modulus 1.4 x 10' kgf/cm' (14 GN/m') Section Area 0.713 em' 1.986 em'

Yield Stress 3800 kgf/cm' (373 MN/m')

Young's Modulus 2.1 x 10" kgf/cm' (205 GN/m')
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Table 3 Sequences of loading Type I: epoxy resin grouting method: Type II: reinforcing bar welding mt:lhod:

Type III: steel plate covering method; E. EI Centro NS (1940 Imperial Valley Eanhquake. USA.);

H. Uachinohe NS (1%8 Tokachi - oki Eanhquake. Japan): digits 100-300. the maximum acceleration

in gal=cm/sec'

steel axial initial second loading after repair ultimate
No

ratio p force N loading loading Type I I Type II I Type III loading

I 100 U-++ 250 E : :
~ ~ 100 U---f+ 250 E-

2 150 H --++ 200 E --++ 150 II-
3 250H I !. 250 H

f----

4 300U : ;~300H
~ 40t

I 50 E ---++ 300 E
: :

:~ I50E---++300E5 I 1% : :
~ :

(-, 200E ;.200E
~

; ~ 250 E7 250E :
I--- :8 300E : :.300E
I---

9 20t 150 E ---;... 300 E :
:~ 150 E:

10 150 E --++ 250 E
: : : ~ 150 E-++ 300 E: :

~ 3.1% 27t
II 300E : :

:~300E: :

Tahle ~ Deterioration ratio of stiffness. Type I: epoxy resin grouting method; Type II reinforcing bar welding

method; Type III. steel plate covering method.

steel a~lal initial s~cond loading after repair ultimate
:\0

I Irutio p force N loadmg loading Type I Type II Type III loading

I 0.73 --++ 054 : :
:~ 0.67 -++ 0.50

~

2 0.58~ 048 --++ 0.83
~

3 046 I !~ 055
I--

4 0.46 : ~ 0.58
~ 401

5 1.1% 0.56 ---++ 0.31 • 0.59 -++ 0.59
~

6 0.46
;

~ 048:
~ ;

7 040 : ~ 0.68
I--- :

8 035 ; • 0.40
I---

9 20t 046 --+. 032 ~ 0.85

10 080~ 050 .. 0.85 ---;... 0.36
f--- 3.1% 2.7 t

II 0.30 ;
~ 0.59:
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8. AD-DA Converter
9. Microcomputer

10. Floppy Disk
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12. x-v Recorder
13. Pen R~corder

14. Lin~ Printer
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17. Kyoto Univ. Data

Processin« Center

Fig. 2 J1YLSER (llybrid Loading System of Earthquake Response) diagram.
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Fig. 3 Bridge pier and its experimental model.
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Fig 8 Ilysteresis loops for the original and repaired speci~ns.

(Repaired by the epoxy resin grouting method; Type I)

(a) Specimen 6 (EI Centro, 200 gal)

(b) Specimen 7 (EI Centro, 250 gal)

(c) Specimen 8 (EI Centro, 300 gal)

( c )

Fig. 7 Steel plate covering method: (a) Damaged segment. (L: length of damaged segment) (b) Fill with sand

and epoxy resin mixture (c) Cap with a steel plale and bond with epoxy resin. (L,: length of the steel

plate) L.=L forspecimclI5. L,=2L forspecimcns I and 10.
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Fig. II Hysteresis loops for the original and repaired specimen 9.

(Repaired by the reinforcing bar welding method; Type II)
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Fig 12 Hysteresis loops for the original and repaired specimen 5. (Repaired by the steel plate covering method;

Type III) (a) Initial loading (max. ISOgal). (b) Second loading without repair (max. 3OOgal). (c)

Loading after repair (max. ISOgal). (d) Ultimate loading (max. 300gal).
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Fig. 13 Hysteresis loops for the original and repaired specimen 10. (Repaired by the steel plale covering

method; Type III) (a) Initial loading (max. ISOBal). (b) Second loading without repair (max. 250gal).

(c) Loading after repair (max. ISOgal). (d) Ultimate loading (max. JOOsal).

-391-



F< tonll

)0 0
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rig. 15 Stiffness - tillle histories of the original and

repaired specimen 6. (a) Kv (b) KRJ

(1:1 Centro, 200 gal. Repaired by the epoxy

resin grouting method; Type I)
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Fig. 17 Examples of stiffness - time histories:

(a) Specime:-. 4 (Hachinohe. 300 gal. Type I)
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Fig. 18 Energy participation ratios (WH: hysteretic energy. We: damping energy).

(a) Specimen 2 (Hachinohe, ISO gal).

(b) Specimen 4 (Hachinohe. 300 gal).

(e) Specimen 7 (EI Centro. 250 gal).
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PORIIULATlml OF DUCTILITY OF RIc IlEllBERS AND INPWENCE OF
DUC'rILITY mI RESPONSE BEHAVIOUR IN RIC PRAllE S'l'RUCTUItES

Hiroshi Mutsuyoshi and Atsuhiko Machida

Department of Construction Engineering, sa1tama University,
Sh~mo-okubo, Urawa, .JCopan

ABSTRACT

In order to establ ish a reliable equation to evaluate ductili ty of RiC
members, reversed cyclic load1ng tests were carried out using 33 specimens
whose sectional characteristics are similar to ordillary Ric single column
p1~rs used in Japan. Based on the test results, the effects of various
variables on duct1lity were i~vestigated one by one. The results were
summar1zed as a series of equations to estimate ductility quantitatively in
the form of a ductility factor. It was confirmed that the ductility of the
RiC members derived from the proposed equation resulted in a satisfactory
agreement with the test results obtained by other researchers.

Moreover, in order to investigate the influence of ductility of
members on inelastic response behaviour in RiC frame structures subjected
to earthquake motion, shaking table tests ar.d pseudodynamic tests were
carried out using small scale two-story one-bay Ric bridge piers. It was
obs"rved from the tests that the inelastic behaviour of Ric frame
structures depends strongly on the capacity of ductility for each member.
To calculate accurately the response behaviour of Ric frame structures up
to collapse, a new restoring force-displacement model which can represent
ductil1ty of each member was proposed.

The concept of ductility is adopted in recent seismic design codes for Ric
buildings and bridge structures. It is well known that the design seismic
forces are generally much less than the elastic response force induced by a
major earthquake. However, due to lack of information on ductility
evaluation, it has hardly been clarified how ductile a designed Ric
structure can become during a major earthquake. This is because no reliable
method to evaluate the ductility of RiC members has yet been established.
There are some failure mechanisms at ultimate state in RiC columns and
beams. A flexural failure moje is a typical one, but it may have no
problems from the polnt of ductility because flexural failure generally
shows a ductile behaviour up to failure. On the other hand, a Ric member
under reversed cyclic loading sometimes loses its load carrying capacity,
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flnally showlng the charact~rlstlcs of a shear fallure after the yleldlng
of longltudlnal relnforcement. Such a fallure mode 15 very compllcated and
cannot be dnalyzed easlly. The flrst obJectlve 1n thlS paper IS to
<'stablls!l a rt'llable equatlon to evaluate the du~t1lity of such RiC

members quantltatlvely as descrlbed above.

Th,,' ~ntl uence of dUe t 111 ty on the overall response behavlour of a
Slngl,,' column typ.-' structure can be well understood. However, the effect of
duct.dl ty for <'dcll member on the pntlre response behavlour of a RIC frame
structure has hardly been clarlf1ed. Generally, a statlcally 1ndetermlnate
structure S~Cll 3S d RiC rlgld-frame structure wlil not collapse even If one
of th" membprs of the structure falls completelY. However, the InelastIC
r,'sponste- bdJdV lour of the structure may be Inf luenced by the ~allure of
such a member. The second obJectlve IS to clarlfy experlmentally and
d!ldlytlcdlly the' lnfluen:"e vf dUctll1ty 111 members on the 1nelastlc
respons~ behavlour of R/C frame structures subJected Lo strong ground
motlon.

01.1oy
Deflnltlon of
Ductlllty factor

Py

850

Specimen No.33

F1g.l D1menSlons of test speclmens

400 150

In
1~~~Jn]J1

I
%~

L;;:==::t:=:JI.. ~6~820 J (un 1 t : mm)

The load was applled to the top of the
SpeClmen monotonlcally ;.Intll the yleld load,
Wh1Ch was calculated based on the elastlc
theory. The measured displacement at the yleld
load was deflned as the yield displacement
16 l. However, when the measured strain for
th~ maln reinforcement at the bottom of the
column reaches the yield strain before the yield load, the dlsplacement at
the yleld straul IS deflned as the yleld dlsplacement. After the yleld
displacement, the dlsplacement of th~ Antegral mult1ples of the Yleld dlS
placement was applied cyclically by controlling the displacement of the
spec1mpn.

OUTLINE OF EXPERIMENT

FOR DUCTI LITY

Th~ r~v~rs~d CyC11C load
1ng t,'sts \oh're carrled
out uSlng cantllever type
sp<c'C1mellS dS stlo\\"n 1n
Flg. 1. TIlt-' Vdlldbles 1n
th~ tests w~re tens1le
r~lnforcemenl rallOlpt=
0.5<)-1.66%), w2b reIn
forcement rat1olpw=O-O.24
't), compreSSive strength
of concrete( f '=128-565

2 c
kg/cm I, shear spall ratlo
(J/d=2.5-61, aXIal com
pr"sSlve stl-ess(Oo=O-30 kg/cm 2 l and the number
uf repetltlons of loadlng at a certain dis
plac('ment amplltude(n=I-30 cycle). Table 1
and Tdbl~ 2 sho.... the expc'rlmental varl.ables
an", the mechanlcal propert1es of the rein
forc1ng bars resppctively.
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PORMtJlJ\TION OF EFFECT OF VARI
OUS FACTORS ON DUCTILITY OF RiC

Table I
Test varIables

1 1.06 0.12 i 4.00! 0 203 10 5.5
2 ~ I 279 4.7

'---3-1-0-.-58-+--0-.-12 I :j. 00 I .~o.~ 406 I Ior~~I~
:l 0.88 I + I 357 7.1
5 1.66' 33H 3.9

-- 6 ~1.06--~~00 4.00 +--'0 -4-13-+-1-0-+-~3-.-6-1

7 0.01l I 4CO 4.9
8 0.23 I 318 7.5

I----.--.J-~~+~~_+~--~~~+_--_+~+_--_l

a/d 110 I fc'
DuctilIty fdcto["(lJ u ), that is.
th~ ratio of ultlmat~ displ
acement (au) to YIeld dlsplace
mentla I, was adopted as a
qUdntItXtiv~ Index of ductIlity
for Ric members. The yIeld dlS
placpm'.:nt was defIned as des
cr Ib,·d aDOV!', ilnd tlw ul t Imate
du,placemenl was def lnl'd as the
limi t dIsplacement When th~

load carryIng capacity de
creilses to 801 of the measured
maXImum str,·ngth(se,> FIg.2).

9
10
1 1

pt

1.06

pI<

0.12 3.00
5.00
6.00

o 308
389
363

n f.J.u

10 3.8
6.5

~4.3

Note:pt=tensi Ie reinforccllf:'nt ratio (96) • pw=web rein
force.ent ratio (91» • a/d=shear span ratio. ao=
aXial co.presSI~e stress. fc'=comprp.ss,~e strength
of concrete (kg/Cm') • n=nu.ber of repetitions of
Dads. It u=lIeasured duct iii ty factor

4.0

4.3
5.1

6.0
4.9
4.3

6.5
4.2
3.5

5.4
4.4
3.5

4.0
3.4

5.6
5.8
4.3
4.2

4.5

10

10

10

10

10

10

10

10

1
3
30

10 327
323
319

o 330
o 376
10 307

10 335
254

10 565
140

10 294
20 301

10 330

10 337
348

10 128
128
128

o 308
5 298
20 321
30 326

4.00 i
I

3.00
5.00
3.00

2.50
5.50

4.00

4.00

4.00

4.00

4.OC

0.12

0.12

0.12

0.12

0.12

0.12

0.12

0.12

0.24
0.12
0.06

1.06

0.89
\.66
1.06

0.99

0.99

0.99

0.99

0.99

0.99

0.99

12
1 3

1 :l
1 5
16

17

18
1 9
20
2 1

22
23

24
25

26
27
28

29
30

3 I
32
33

To formulate ductility
quantItatIvely, one attempt was
trH>d at fIrst to f.'xpress the
,-'ffects of varIOUS factors on
ductIlIty InclUSIvely bas~d on
the strf.'ngth ratIO. That 15.

th,' rat io of sh .... ar strengt.h to
f lexurdl strength of Ric mem
bers. However. the results
Indicated that the InclUSIve
exprt>SS I on was Immoderate be
cause the effects of various
factor s on duct iIi ty were
slightly dIfferent from those
on shear strength!l J. There
fore, It was concluded that the
effect of varIOUS variables
must be investigated one by
one. In formulating. the rela
t Ions between the measured
iuctilily factor and each
variable were investIgated
USIng the test results. In this
case, each relation was
obtaIned by changing only a
single varIable while the other
ones were kept constant. The
equatIon was derived so that
the best fit for the plots
could be obtaIned. To estlmate
the Influence of the experimen-
tal vcriables on ductility factor. standardized ductility factor (~.\).

which. s the ratio of the measured ductIlity factor to the ductility factor
obtained in a certain variable. was used. Thirty three test results were
used for the formulation.

Figure 3 shows the effect of the tensile reinforcement ratio on
the standardized ductility factor. The following equation which can express
the influence of only maln reinforcements on ductillty factor was derived
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Table 2
Mechanical properties of reinforcing bars

Yield Yield UltiDte Area of
Type Stress Strain Stress Relnforee-

( kg/em' ) ( u. ) ( kg/em' ) IIent ( em' )

SD:30 .010 3650 2440 5380 0.7133
I-

A 3960 2480 5470

SD30.013 B 3800 2330 5500 1.267
r--

C 3840 2100 5500

S030.D16 3580 2090 5910 1.986

A 2740 2030 5690 0.06905
- _.

S[):J0.03 B 2400 1650 4160
I--- >---. -- 0.07280

C 2540 1750 4200

Note: Type AIo'llS used for .>pecillens No.1 -IG.
Type B was used for Specillens No. 17-30.
Type C "as used for Spec I liens No.31-33.

from the test results.

fJ t =III - I = (p t)'" - 1 ( 1)
a = (-0.146 / (al d -2.93) -O.97H ) .. ·(2) (al d ~3.0 )

where, ut:standardized ductility factoT, Pt:tensile reinforcement ratlo(%),
~t = 0 when Pt = 1%; a is a function depending on Pw and a/d.

The other equations were derived in almost the same manner as above
for all the variables adopted in the tests. Figure 4 shows the relatiC'n
betw'~en the web reinforcement ratio and Ut • It is clear that the relatlon

5 2·· £:&ld=J.O·>. · >.·~ · \ Cl :&ld=J.29
.j.l.... 4

, ."",
...; \l!I ...... 1.5.....

!IIE:&ld=8.05 .""~
,

.j.l
u l!l, U
:J 3 " (!) :&ld=4.0 :J
'0 ,

'0

'. \ •'0 'Q
aJ " Qj ~: 0' IF 0 (k&/e")
,~

l!I\,.. , N."" ~2 .... .j.l 3IE: 10"C ~ 'Q ~
I-< ........... I-<
It! ,. m I-< .S Cl: 10'0 0 '0 0c: +J 1 c .j.l
III U .

"
III U (!): 0.j.l It! .j.l IIIUl .... til ....

£: 0

o .1 .2 .3
Web reinforcement ratio pw(')

.5 1 1.5
Pt.(')

Tensile reinforcement ratio

Ol-- --'~----_---O

2

Fig,3 Standardi~ed ductility factor
and tensile reinforcement
ratio

Flg.4 St.andardized dutility factor
and web reinforcement ratio
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Fig.6 Standardizpd ductility factor
and compressive strength of
concrete
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Flg.5 Sandardized ductility factor
and shear span ratio
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-

10 20 3Cl
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compressive stress

10 2lI 30
Number of repetitions
of loads

o

1.5-----------

Axial

Fig. 7 Sta~"ardized ductility
factor anti axial com
pressive stl'~SS

Fig.8 Standardized ductility
factor and number of
load repetitions

t 1.5 ~-------------.....
............,
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:l

"0
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<II
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"0:1...
~ ~c:: .,
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(kg/cm2 )stresscompressiveOo:axial

{Jc =#t -1={0.OO170(fc'-300) (P\i=O%) (6)
lO (pw;t096) (7)

Figure 7 shows the relation between
aXIal compressive stress and ~t' The
equatIon is given as follows.

{Ja=tlt-I
= {(-O.0153JO +0.175 )(a/d -4.0)..····(4)

I
("here. Jo ~11. kg/em')o ······(5)

I ( ...here.CJo >11. kg/em')

fc':compressive strength of concrete
(kg/cm2 )

Figure 6 shows the influence of com
pressive strength of concrete(fc') on ~t'

The result indicates that fc' has less
effect on the ductility factor when the
web reinforcement is arranged. Therefore,
the derived equation is alternative as
shuwn in the followIng equation.

FIgure 5 shows the relation between
shear span ratio(a/d) and ~t. The follow
ing equation was derived.

between them is almost linear. The follow
Ing equation can be given.

where, pw:web reinforcement ratio(%)
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Figure 8 shows the influence of the number of load repetitions in a
certain displacement amplitude on Ut • The equation is shown as follows.

{In :::#t -} :::1.26 (n) -0,0990 -}······(9)

n: number of load repetitions

PROPOSAL OF ~ATION TO ESTIMATE DUC"l'ILITY

The following equation to evaluate ductil~ty factor quantitatively was
proposed ~n the form of summation of the effects of various variables on
ductIlity factor.

JLu ::: {J 0 (} + {J t + {J w + {J c + {J II + {J a + (J n) ·•••• .. ··(10)

The proposed equation can express only the main effect of each
var~able on ductIlity. The ~nteractlons among the var~ables are included ~n

each B. The coefficlent Bo In the equation was introduced to express the
influence of effective depth d, that is s~ze effect, which was not taken
into account. 80 was obtained by the regression analysis from many test
results. It was recognized that the relat~on between Bo and lid was almost
linear.

/30 :::28.4/d +2.03······(\1)

where d:effective depth

1210

o Authors
• Higai[ 2)
.. Ohta[ 4)

8642

12
average=l.Ol
coefficient of

... =16.5%0 10oJ
CJ
'1l.....
>. BoJ.... •.........
oJ
tJ

6::l
'0

'0
Q)..,
<1l 4.....
::l
U

.....
III
U 2

Measured ductility factor

Fig.9 Comparison of calculated ductility factor
with experimental ductility factor
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EVALUATION OF PROPOSED EQUATION

'I'll,· prCCl S iun of th" propos"d cqUelt Ion
W"'O 111V,>sllgdl,'J USllig mdny test natd
jlwll1<hng oth,'r reshnch"rs' 12], 131,
[41, I'll, which w'.'p· nol us,·d In ttl,·
furrnl1lallun. "'lgUTi' 'J sllows lh,· [f,lallon
lJ"tW""1I ttl" c.tlcuJelll'Cl ductlllly fdclors
[rum ttl.. IJropos,·(j ,'qu.lt I un dnd th,.' nH'd

~.:; u r t ,do (_JI II . ~;. I t .1 S r t > C ()(J!I .1 Z t ,d t h d t t h to'

~'dlL'l1idt"d vdlu,'~; ·j'Jr,·,· q,·r\'·Tdlly we,ll
\\'1 t rl t~" lxp,'r Im-,·II!.ll ()n,'~-;. 'I'll,· elV,·rdcJ"
,,[ t It,~ rd1lUS of tl,,- l'xp"rlm<'[ll,tl vdll1'~s

tu th, '.'cllr'ulell,·d Oll,'~; for elll ddtd l~,

1.01 ,rid tl" cu,·ffICIl'nt uf V,llldtlon IS
!I,.',L. Th,'s, V,t111"~; dlsr) \ndlcdt,- th.lt
th,· !.Jr0fJ<Je't·d "'1udl 1')11 Celli qIV" sallsf.,c
t (Ir y I '~';111 t. ,;.

Displacement
lr;lns;iucer • .\cce Ierome te r

\;eight

OUTLINE OF EXPERIMENT FOR RIc FRAME
STRUCTURES

1 II ord"r 10 11Iv,'sl IlJd1, th,' Illf 1U<'IlCP of
ducl,llty of rn,'mlJ"rs 011 IfI"ldstlC rps
pow;,' tH·hdVIOUT of Ric fram,' structuH'S
subj,·c1t.rj to ".,rtllquak,-' mol.lon, shdklng
t dbl ,. t,'sls ,Hid pspudodynaml c t"sts WE're
carrlt·d out. Th,' t<cst structures dre
two-s1ory onlo'-bcly Ric frames which are
SimIlar to typical brIdge pIers used for
th" ,'!t.'vdt,·d rdllways of the Shlnkansen
In ,Jdpdn. A gL>nprdl view of the test
SL'tUp IS shown in Flg.lO. The test
structun·s w,'re dpslgned assumIng that
till' [ollowlng fdllure modes would occur:
lJfh,xural [dilur .. dt the bottom of tile
flrsl-l,'ve,l c-olumn(struclures RD-l and
RP-l), 2Jflf'xural fallurp In th .. flrst
I,'v"l bt!dm(RD-3), 3)sh<c'ar fadup, after

yil.'lding of th" maIn reinforcf-'ment In
lhe flrst-ll!vel b'.;am(RD-4 and RP-4). To
produce the above faIlure modes, the
tenSile reinforcement ratIO and the web
rt'lnforcpmpnt ratiO in the first-ll>V,'1
h"rlm W,'rt~ changl'd, as shown In 'I'abl,e 3.
In l>vpry tl>st, a wl'ight of 963 kgf,
wh I C 11 ;[HDL! u c,' S d n d x 1 a 1st r .. s s of 9. G
kqf/cm III Llll.' columns, was lnstalled at
th,! top of '>deh second-cnlumn. ThH'c
st ructup's, RD-l. RD-3 and RD-4. werE'
lested under simulated earthquakes, and
two structures, RP-l dnd RP-4, were
l"st('d pspudodynamically.
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Flg.lO Test s"lup for simulated
,.'arthquake test

Table 3 DetaIls of test
structurt's

lommon Members

Tensi Ie lIeb Relative
Melllber Reinforce' Reinforce- Sti ffness

Nalle .ent Ratio .ent Ratio Ratio
( % ) ( % ) (t)

fi rst
-Level 1.00
ColulII1

0.1S(06)(2}
Second
-Level 0.29(03} 1.24
(olulII1

Second
'Level 0.16(06)(2) 4.35

8eaJ11

First-Level Beam

Sped- Tensi Ie lIeb Relati\-e
.en Reinforce- Reinforce- Stiffness
Nail' lent Ratio .ent Ratio Ratio

( % ) ( % ) (t)

RO-!
0.8S(D6X2) O.29(03} 1.24

Rp·!

RO-3 O.43(03X5} 0.058(02) 1.2!

RD·4
0.73(03X9} 0.0 1.26

Rp-4

~ote (t): The stiffness of the flrst-le\el
colu.n is the standard value (I .O~,
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In th,' slmu]dt.,d .'drthqu.ikl'

II'S!S, trw lirst 10 :;"cc!IIds of LL

(j':NTRU-NS l'drthqudkl' V"d~; rl'p"dt",j

tllr,·' tlrnl'~) (·urltlrlur)u~.;ly. rI'o t'Xcllt'

~ll" ll'S! st ruetuI'I' IfitO dll

lrll·ld~-;tll· !dIlqf', til ... UrlCpIldl llll~'

SC-tl" \oJl~'; C(Jmpr·'·::.~~;\·d by d t~lctur D1

), ..... h t 1(' th. rndXITriUm bdSf' ,j(:( f·ll r.l

I 1 ~)tl '1".-',IS ,iHlpll! 11 'd to U.HC.
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L D.'

~Vi -2,50

"" ·5,00

2000.

RD-4

THIRD-LEVEL D:SPl~CEHENr • CH

f', q. II

R!";SPONS!": ANALYSIS BASI-:D ON ORDINARY
R~STORINC FORC~ MODEL
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B~JE SHE~R . KGF

r-----------,-------------r-----,-----.-
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1000.

-1000.

-1000.nil 'mu t I r' - t. I Y -rTl· , ml )l ' r j rI . i I y~; 1 ~)

U!) UIl" C,,)mpUI1\·t11 mrld,·li\l,f,\

,'Irrl",j out. 'I'tk.·d,'" mod.'lill
T,~.• "l.j·'; "J I» "I(I(j,·lIHI \\"1.'

f(Jt (.()J UnITl~-": trHl !)(',HTL; i::: ,1

<r.

t<i ,,!)ldlfl Hldlytl('dJly th" ~

r, ';;!)(.lli:':;" til ,tl'IV] utI! of til" ;-;t r ll(' .::c

t tit l'

11.,e "~I

(j\/ 'r,l! rt'spoII:;" })l t~dvluur uf

\ h,· :·t rUI-t urI> (',.lIl not bt' Slmu-

F"

RtJT"T1I\~ ,,~';LE
C( 8C,f\:) C,lcklnl POint

Y:(9) •.~) ,,.,dlnl P,,,t

u

l l1n.',j from tl sl "lid "!ldly:-;]s

III

1'h IS

til"

r I ':;1)\'('-

th, Ir"t-l.'v,·j ~I'.'lfn.

r,'sul IlldICdt,';; thdt

: "llll" uL·(·url.'dll.() ""r'

,. 1.\)[ Irlll I

~ 1 'c.·\ y. It
IJ ""j lnud"l

w,,,; prnv.,rj t ["t hI'

d 'c • 1 I ltd,' f" r

fr Ifl1' :;t rtj('t IHI ~; urI t hi' ('()Tldl-

\ J ITI ~~l,tt 111 nll\rrl~)I'r~: ,tIl Itl

du,'t 1\" HIlI,n' I I cJ I. ["'jur,' j I

,;tJ(J\.....':~ thl' rr.··,t~-;url"l lild '·.lJ~·lI-

I, Jt ,·oJ t j ml' III" t () Ii' )I I< II - ..
'...'hcy;,· flt;t-!"vl,l kJf'11I1 lJI'_'d

III "II' H. Til, p"1 Iud "I t 11"
I·,~l(·ul itt·d rt'SI)i,rl~;I':; J~; ('Jt',lr

ly ;hort·'r thill thlt ,i! tlI.,

nit ,j :-; II r t .(j u til':"" ,t f t ,r :~ tl- J ,I r"

1d t ," j , ' C (. U LJ t I ' I Y 11:; 1 r I '1 t !J , .
urrJlrLtry ~,·'~turlliY torr_'I' rn(Jd~,l

J1t"1 ,;!J"I fdllUlt' O('Cllrr"rj III surnt· ml'mbers dlld th"n tiH' luau cdrrYlflq
r:dp,1'-ily u! thL' m,'mo.'r d"LTt>dS,'d ,;udd"rlly. III d stJtlccllly Illd.,t,'rmln"l.,
,;lru('luI" "uch ilS ,J Ric rlgld-fr.,m,' slructur", tiH' ,nl'l"sIIC lespofls.'

I.f'luvluur of th,' st ructup' dqJl'nds 011 duct 111 ty of ttlL' mL'mb('rs "Vl'lI 1 f th.,
::Lru,'turp dOl."; nol colldpst'. '!'h"I"!ort', til" rt"slollnq fOIC n mod,·l WhlC:h "dll
,'ff"ctJv,']y r"I'!t's,'nt duclillty fur ,,11 m,'mb"rs lS rl·qulr.,u to calcul·,lt.'
prpcIs,'ly oVt'rdll r"';jJ(,ns,' i).:hdV10UI'.

RF.sPONSE ANALYSIS BASl-:D ON DUCTILITY OF Mg(BERS

In ord"r to resolvp tht' dbov<, problem, Uw npw r<,storlllg forcE- model whlch

Cdn ,>xpress the' ductJllty for dll mt'mb,'rs WdS prufXJs,'d. FlgUrt' 12 Indicates

th", n.'w rL'stor iTig forc'.' model, 11\ Whlch th!' d,'crl"usl' In la'ld carrYlng
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capacIty dftpr H'<lching thi> maximum strength was taken into consideratIon.
The ultImate d,>formatlon (poInt U In ~·lg.12) at whIch the load carryIng
CdlJdClty b,>gHIS to decreasp was d,·termHled from the proposed equation<lO)
for ductlilty prevIously. The slope after the point U was defIned by
Equallofl(12) uC'rJv,>d from Ilum,'rous It>sl rpsults. The hystpHesis rule of the
propo,,,'d modt>1 wa:i Llj" salTl" as IlSPU III lhat of tt1l' ordInary model.

RP-4

(C I CALCULATED

(J) I'IEASUIlE D

(A) INPUT BASE ACCELEIlAT ION. GAL
I"AII"U" ACC., 1202 GAll

24'
111'1E • SEC

Time histories of top displace
ment obtained from test and
analysis using proposed model

1000.

2000.

-2000.

1.00

-1000.

4.50
>:
u

O...
Z
!oJ

-4.50z:
!oJ
U
<
..J -1.00
C>.

'" 1.00
n

..J
!oJ 4.50>
!oJ
..J,

O.c

'"z:.. '4.50

-1.00

0

FIg .13

FIgure 14 shows th., measured
and calculated baSt' sh('ar-displace
lTI<'llt curv,·s. The calculated ones
we'r" obtaInpd from both the' Or-dl
nary model and the proposed one.
The inelastic behaVIour cannot be

r"presenl"d accur" ply by the ordi

Us J llg L1ll" prop )s"d rc>slor lllg
fOlel> mod.· [ , rl's!XJrlst> dnal ySl'S Wf'r<'
cdrrlt>d out for all th ... t.>:,t struc
lurt's. FlgCJrt' 13 shows th,> tlmL'
hlslorlf's of tht> top dlSpLlCl'ment
uotairt,'d from Lllt· h'sts and andly
';t'S for :;lruclun' HP-4 whose' f lIst
l,'v,'l bt',~lm fdlJ"d III sl1'.'dr aiU'r
tht ylt>lrHnq at thp longItudlnnl
re>Inforcemenl. The r.'spanse values
cHId till' !J,'rlods of ,'xcItatIon ob
tdlflf'tl from th .. al1dlVSIS agn't' wpll
WIth those from the t .. sts Llft,'r
shedr fdllurt' occurred III the
flrsl-!"ve>l beam(after 1.0 sec).
Thdt 1';, tht· ITJ['lastlc r"SpOIlSL'
b"hdV I (JUT Cdll bt· Cd j eu 1at L·d a ccu
r-at,~ly bv USIng th" propospd res
torIng forcL> modt>! l'VL'n If thL' load
Cdr rv 1 ng CdpdC I t V of somt' members
d"C!:"l'dS"d suddenly du(' to thL' oc
currence of shear fallurC'.

.felcr.'Gf
1000.

(8)ORDI S~RV ~OEL

'"IC[.IlG'
1000.

(OPRI)Pf)Sm '1!lOEL

:r---~---.,
'.50 1.00

DtsP'LACfM(NT .C"

-1000. -1000. -2000.

RP-4
FIg.14 BaSL> shear-dIspldcement curves obtained from tests and analysis
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nary mod,'l after th,· load carrYl.ng capacl.ty of onE' member decr~'ased due to
the occurrence of shear faIlure. However, the overall behavIour of the
structure' Cdn bl' obtdlned up to faIlure by the newly proposed model WIth
satIsfactory accuracy. Moreover, the proposed model can be a powerful
mt·thud to pre'dlct th ..... ·xtl,nt of damage of each member as wp] 1 as that of a

st ruet urf·.

CONCLUSION

111 ordl'r to ,·"L,bl,,·;h d r,·lldLll- coquat1un to evaluate th,' ductll1ty of RIC
rn,-mb"rs, r.'v. rSl'c! cyel ic lOndlng tests Werf' cdrlll'd out. Basl·d on tht- test
r'-,;ults, th,- ,-11'-cts of VdrlOUS vclrl'bles OP ductILIty Wt'U' H1Vl-stlgat."d
Oil. by or,,·. Thl' n·sul ts w,'re summclr iZf.·d as d spr H'S of .'quat lons so as to
,,,t,m,,l" ductl1lty qU,lIIt1tdtiv.·ly HI th., form of a ductILIty fdctor. It was
corlflrm'.,il thdt ttl<' ductILIty of K/c mL'mbers derIved from th,- proposed
"qUdt,OII r- sult,·d HI satIsfactory dgrL'ement WIth th,! t ..'st r"sults obta1n..d
try othl-r rf'Sl'drchl-rs. MOrl'ovl'r, th,- InfluPlIce' of ductIlIty of ml!mbprs on
Int,l",;t,e rt'spons" b .. havJour In RiC fr:ame structure-s subj,-ct,'c! to
I'dr thqudk,- mot Ion was JrIVl'st Igdtpd. It was obs"rveu fr:om th,- tf'sts that th"
In.'I,,stlL' b"hdVIOlH of RIc frame structur:l'S dept'nds strongly OTl th,
duct1llty Cd(JdClty uf !'clch mcmbpr:. To calculat,,- dccurat,-Iy the Ipsyons,
b,'hdvlour of RIC frdTtlp structurps up to colldps,', a neW r:pstorlng for:c .. 
dISpldcl'm'>llt modl'l whIch edn r"present ductilIty of euch membf'r was
profJosl-d. USlng ttl!' plopos"d n .. storlng for:Cf' model, th,.· In,"JastIc rpsponse
bd,dvlC>ur of RiC frdmt· str:uctures could b" calculdted WIth sdtlsfaelory
dccur'lcy ,-VC'll If S0m" m"mb,'rs fdlll~d complet"ly.
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REPAIR AND RETROFIT OF STEEL PIERS

Gregory A. MACRAE1
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Presentill)AulboL: Gregory A. MacRae

ABSTRACT

Two types of external steel plates were welded onto the outside of rectangular hollow steel bridge
pier specimens in order to repair them after they had boen slbjected to moderate and large amounts
of earthquake-type action. The strength and ductility capacity of the repaired specimens was found to
be better than that of the original specimens when flI'ther deformation was imposed. ReII'ofit of piers
by adding concrete increased the strength of the piers by up to 34% but brittle fracture somelimes
decreased the ductility capacity. A method of increasing the deformation capacity without increasing
the strength was proposed.

INTRODUCTION

Steet bridge piers have been used over the past 30 years for the construction of bridges on the
natioaal road transportation network in Japan. The construction cost of these piera is generally more
than that of reinforced cona'ete piers but the section siZe is Signiftcandy smaller making them ideal for
use in city locations where land prices are high and where there are restrictions on construetion space.
Damage has not been observed in thiS sort of pier to date dtJ'ing a real earthquake and tests to
understand their strength. ductility capacity and repai'ability have only recentty been performed.

It is anticipllted that steel piers suworting existing bridges may yield in a major earthquake because
inertia forces of more than three times the design load resistance IeYeI are expected to be delieloped.
These piers are expected to be!lave in one of two ways:

1) Piers may successfuly resist the earthquake by deforming in8Iasti:aIy. However. if there is a major
loss of strength or a large amount of deformation then effective repU methods wlI be required SO
that the pier resistance wil be sufficient during tutU'e major 8IWthquakes. or

2) Piers may suffer severe damage and be unrepairable. Retrofit is therefore required before the
earthquake occurs in order to ensure salisfaetory behaviour.

The tests descrI>ed here were carriec! OUI to find effective methods for repai' and retrofit of steel piers
It) and the results were included in the Manual of S8ismicaly Damaged Civil Engineering Structures
12).

A typicaJ steel pier Of the sort used in Japan is shOwn in FlQU'e 1. It consets of feu plates welded
together into a box shape and other plates are welded irt.-naly to provide longIIudinai and lateral
stiffness. Design t)f this pier type is C3'ried~ according to the -SpecIficaIions for Highway Bridges"
issued by the Ministry Of Construction 13). Two typeS of budding which are checked during the design
are:

a) 0'181'81 budding of one side. and
b) local buckHng of the panel between the longitudinal stiffeners (local panel buckling).

These deformation modes are shown in Figure 2(a) and (b) respectively. An indication of which of
these modes of buckling is likely to 0CClJ' first Is also avalable 14J.

The method 01 retrofit which should be used on a pier depends on the type 01 bucIding deformation
and failure mechanism which Is Ikely to occur. T.ts on twenIY two piers have been conducted at
PWRI in order to understand their strength and deform8lion cap8CIly (5J. Poinla of 1nI... from these
tests rel8lad to the mocI8 of falUe of piers and which may al'fect the r.ott or repai' procecue are:

1) The heigtt of the major buckle was midway between the base and the first lIIt.aI stiffener in the
piers which fBled by overd bucking of one side.

1 Reeearcher. E.rhquIke Engineering DivIslon. PlbIic Works ReI••ch InstILfe. TauIaA>a. Japan
2 Held. Earthquake Engill8erillg DMIion. P\dc WOIka ReIe8rch lnadtje, TIIJruba. Japan
3 Senior Research Engineer, Earthquake Engineering Division, PWRI. TIIJruba. JIPIf1
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2) Piers which failed by local panel buckling sustained either a very localized buckle or no buckle at
all and failed by fracture of the steel near 0' 10 the weld at the base

3) Some piers with concrete infill over the bonom third of their height were also tested . The adela.·
concrete may be considered as a method of pier retrofit The results of these tests are discussed
later in this papQ"

4) Piers tested on the shaking table underwent very little yield reversal and the displacement at the
top increased only in one direction. Large residual displacements were observed at the top of the
piers after the tests W9re completed which indiCated that full repair may be diffiCult to perfO'm.

REPAIR OF STEEL PIERS

Real piers are generally large enough that a person may enter and weld Irom the inside but the pier
specimens used in these tests were too small for this construction technique to be used The pier was
therefore constructed in stages as shown In Figure 3 Weld was applied to the inside of the specimen
before the final web-plate was welded into place from the outside. The diaphrams extended outside
the section on one side tIJ facilitate the welding of the final web plate to the specimen The longitudinal
stiffeners on the inSide of the final web plate were discontinuous at the diaphram positions and at the
base

Four piers of the type shown in Figure 4 were tested in the test configuration shown in Figure 5.
The effectiveness of repair with "strengthening plates" or ·contact plates" as shown in Figure 6 was
investigated. These methods are discussed in detail later in the paper, The third panel from the top
was constructed Irom a weaker steel (SM50Y steel) than the other panels (SM58 steel), This region
was made weak so that the inelastic action would occur there and so that repair could be carried out
easily, Damage in actual piers would be expected to occur in the base section and foundation
concrete may need to be dug out in orda. to retrofit The section sizes are given in Table 1 and the
calculated yield strengths, yield dISplacements and plastic strength of each specimen are given in
Table 2 Displacement-controlled cyclic applied lateral loading was applied to multiples of the yield
displacement, dy. where dy was calculated as the displacement at the loading point when the
compression flange at the base of the middle section (SM50Y steel) yielded.

bl ITa e : Specimen Izes (mm)

Central Region Flange Size bf x tf 600 x 7.1

(SM50Y Steel) Web Size bw x tw 600 x 6.4

Rib Size br x tr 50 x 6.4

Base Region Flange Size bf x tf 600 x 8.2

(SM58 Steel) Web Size bw x Iw 600 x 7.3

Rib Size br x tr 50 x 6.3

~. I Ie e. -v. Ie 1 , e • JV· 1 .
Specimen Number Repair Method Pv of) dv (mm) Po (tf)

Original 1,2. J. 4 - 47 2.8 62

Pier

Repaired 2R Strengthening Plate 125 3.6 139

Pier 3R Strengthening Plate 125 3.4 140

4R Contact Plate 76 3.6 76

Table'" Pred'cted Y Id Fore P Y' Id D'splaeem nt d and Plaste Force Pp.
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F»J.l(QOSe and Procedure for Each Test

Test 1 (Specimen 1)

SpecImen 1 was tested in order to obtain the maximum load resistance, the load-displacement
hysteresis relationship and the amount of buckling deformation of an unrepaired specimen at each
displacement ductility step. This specimen was treated as a standard for the testing of the later
specimens. It was tested Quasi-statically (2.4mm/sec) with 10 cycles of repeated cyclic loading to the
same displacement amplitude using displacement-controlled applied loading. The displacements
used were 1Ody. 14dy. 16dy, lady. etc. increasing In steps of O.2dy until the ultimate condition as
shown in Figure 7.

Test 2 (Specimen 2)

ThiS test was conducted in two stages as shown in the loading regime of Figure 8 The aim of the
first stage was to damage the pier. The loading regime was then reapplied in the second stage so that
the influence of the smaller. gradually increasing cyclic displacements could be observed. This was
done to give an indication of the behaviour of a pier under reapplied load such as may occur during
aftershocks

Firstly, ten cycles of loading were carried out to the displacement at which 10mm buckling
deformation was observed to occur in Specimen 1. As the buckling deformation was still smaller than
1Qmm after this applied loading. 10 more cycles were applied at each displacement step. which was
increased by O.ldy.•,;ntil this deformation was attained as shown in load steps 1 to 3 of Figure 8
Thereafter. in order to investigate the behaviour when the load was reapplied. 10 cycles of repeated
cyclic loading were carried out with amplitudes increasing from dy with a step of O.2dy until the flange
de'ormation Increased to 15mm as shown in load steps 4 to 8 of Figure 8.

Test 3 (Specimen 2R)

The repairability of Specimen 2 with strengthening plates was checked with the applied lateral
load method of Test 1 after it had been damaged in Test 2.

Test 4 (Specimen 3)

The specimen was to be damaged to the maximum predicted deformation for which repair with
strengthening plates could be performed (20mm). Ten cycles of loading were carried out to the
displacement at which 20mm buckling deformation was observed to occur in Specimen 1. As the
buckling deformation was still smaller than this value after this applied loading. 10 more cycles were
applied to each displacement step. which was increased by O.ldy. until this deformation was attained.

Test 5 (Specimen 3R)

Specimen 3 was retested after it had been repaired with strengthening plates using the
applied lateral load method of Test 1.

Test 6 (Specimen 4)

Specimen 4 was damaged to the maximum predicted deformation for which repair with contact
plates could be carried out (5mm). Ten cycles of loading were applied to the displacement at which
this buckling deformation was observed to occur in Specimen 1. As the buckling deformation was still
smaller than 5mm after this applied loading. 10 more cycles were applied to each displacement step.
which was increased by O.ldy. until this deformation was anained.

Test 7 (Specimen 4R)

Specimen 4 was retested with the applied lateral load method of Test 1 after it had befln repaired
With contact plates.



RepairMetbQd

i) Repair by Strengthening Plates

The strengthening plate method of repair was used when the buckling was large and the lateral
resistance of the pier was negligible This was carried out by attaching stiffening plates, with a strength
equivalent to the strength of the original plates. to the pier. A set of stiffening plates were placed on
the middle section of the piers (SM50Y steel) as shown in Figure 9. The non-bracketed values in this
figure were the measured sizes from Specimen 2R and the bracketed values were from Specmen 3R
The stiffening plate was placed 20mm from the pier face so that repair could be made if buckling out
from the face of the pier occurred. The repair process. as shown in Figure 10. was carried out 10 the
following stages:

1) A plate was welded flush against the web,
2) A spacer was welded at the diaphram position. and
3) The strengthening plate was welded into position.

ii) Repai' by Contact Plates

The contact plate method was used when the deformation sustained by the pier was small and
when significam residual strength of the flange was expected. A contact plate of breadth 140rnm (one
quaner of the pier breadth) and thickness 6mm was attached as shown in Figure 11. The contact
plates were sized and the connected to the pier according to ·Part II Steel Bridges· of the
"Specifications for Highway Bridges· (3) The limits for the thickness of the plate. t" to be anached on
the outside are :

1.5 I~ ~ II ~ h;J/24 (1 )

where t2 is the inside flange thickness and b2 is the outside attached flange thickness. A plate
thickness of 6mm was used which was satisfactory as t2 was 7.3mm (over the SM50Y middle portion).
b2 was 140rnm and Equation (1) became

Ilmm ~ II ~ 5.8mm (2)

Specimen 1

Approximately the same hysteresis loop shape was observed at each load-displacement cycle to
the same displacement ductility and buckling was observed on at least two sides before the maximum
load resistance of 60.9tf was attained as shown in Figure 12. This strength was greater than the
theoretical yield load but less than the theoretical plastic load of 62tf given in Table 2 due to buckling.
Panel buckling deformation inaaased and rapid stiffness and force deterioration was observed after
the maximum force was reached. It may be seen that most of the inelastic deformation occurred over
the weak panel as ilkJstrated in Figure 13 as was desired. The mode of buckling was overalltluckling of
one side as shown in Figure 2a.

Specimens 2R, 3R and 4R

The maximum strength of Specimen 2 was 62ff and the flange deformation was 15mm after it had
been loaded with the regime shown in Figure 8 This strength was close to that obtained from
Specimen 1 of 60.9tf No strength degradation occurred even during the second stage of loading
where 42 cycles were applied. The maximum strength after repair was 129tf as illustrated in the load
diSplacement hysteresis diagram of Figure 14. This test was stopped prematurefy because the lateral
loading ram malfunctioned. It is probable that a higher strength and deformation could have been
attained with further cycles of loading because no strength degradation occurred. The deformation of
these panels at the end of Test 3 was very small as shown in Figure 15.

The maximum strength of Specimen 3 was 60tf and the flange deformation was 2Omm. No strength
degradation occurred during these cycles as shown in FigU'e 16 and this strength was close to that
obtained from Specimen 1 of 60.00. The repaired specimen, like the other specimens, was tested to
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the stage at which it could be shown that the behaviour. in terms of both strength and deformation
capacity. was better than that of Specimen 1 Severe strength loss occurred after the maximum
strength of 130tf was attained as shown in Figure 17 and buckling deformation of up to 6.SCm was
observed as illustrated in Figure 18.

The remaining strength of Specimen 4 was 61tf and the flange deformation was 5mm No strength
degradation occurred during these cycles. The maximum strength after repair was 81tf. as shown in
Figure 19. and buckling deformation of up to 50mm was observed as ilustrated in Figure 20.

The fact that Specimen 2 sustained no strength degradation even during the second stage of
loading in which 42 cycles were applied shows that the number of cycles of applied loading up to the
displacement of 1 .8dy and panel deformation of 15mm was not an important parameter to assess the
behaviour of this pier However. at larger displacements a significant deCrease in strength with each
load cycle occurred as a result of the accumulation of buckling deformation as was seen in the
behaviour of Specimen 1 during the cycles to a displacement ductility of 2.2. It is shown in Figure 21
that the responses of Specimens 2R and 3R. which were repaired by the same method, were almost
identical and that all the repair methods were effective in increasing the lateral load resistance and the
deformation capacity of the specimens above that of the unrepaifed specimen.

RETROFIT OF PIERS WITH CONCRETE INFILL

Piers Tested

Four piers were filled with concrete over the bottom part of their height as part of the testing
program of 22 piers at PWRI (5). Filling real piers with concrete is commonly carried out to reduce the
damage which may oocur as a result of a vehicle collision with the pier. Before the testing it was
thought that the addition of concrete to the piers would increase the deformation capacity because
bUCkling of the plate toward the centre of the section was inhibited.

a) Large Pier Testing (8OOmm x 800mm)

Two specimens which were filled with concrete over the bottom one-third of their height were
tested and one further test was carried out on a regular hollow pier. The first concrete-filled specimen
had regular "I"-shaped longitudinal stiffeners while the second had or-shaped ones as shown in
Figure 22. It was considered that the or-shaped stiffener would be beneficial to increase the pier
deformation capacity by reducing the possblity of buckling of the panel away from the pier face. Ten
load cycles were applied to displacement ductilities of 1. 2. 3, and 4 ... etc. The ultimate displacement
for calculating the displacement ductility was taken as the point when the backbone curve of the
hysteresis loop became less than the calculated yield strength. The effect of the concrete intill was
neglected in al calculations.

Large Pier Test Results

The backbone curves for the concrete-filled ~s and the hollow pier are compared in Figure 23.
The calculated maximum strengths divided by the yield strength were 1.69. 1.69 and 1.35 and the
ductilitieS were 3.57, 3.57 and 399 for the concrete-fiDed specimens and the hollow specimen
respectively. It may be seen that the specimen with the or-shaped stiffeners behaved in an almost
identical manner to the regular specimen with "I--shaped stiffeners because the mode of failure of
both concrete-filled specimens was brittle fracture of the steel above the base weld rather than
buckling failure as was observed in the hollow specimen The "T"-shaped stiffener had no beneficial
effect in concrete-filled specimens. It is thought that cracking of the concrete at the base of the piers
occurred causing all inelastic deformation to be concentrated in the steel beside the weld as shown in
Figure 24 (5)

b) Small piers (32Qnm x 320mm)

Two other smal!er specimens. each one-third filled with concrete, were also t63ted. The first was
tested by applied lateral loading (10 cycleS to displacement ductilities of 1. 2. 3.. etc. until failure) and
the second was tested on the shaking table. Identically constructed hollow specimens were also
tested in the same way. It was found in these tests that the fillet weld at the base of the concrete-filled
specimens fractured and that the deformation capIdy was the sane as thai d the hollow piers.
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The strength of the specimens retrofitted by concrete infill was increased by between 17% and
34% and a sudden brittle failure occurred at the base of the specimens at the same or at a lower
displacement than in the hollow piers. The overall seismic resistance of the specimens when
evaluated by the equal energy methods was increased by the addition of concrete. however. the
overall seismic resistance may decrease when the equal displacement methods are used.

ALTERING DEFORMATION CAPACITY WITHOUT INCREASING STRENGTH

While it may be generally desirable to increase the strength as well as the deformation capacity of
piers In order to provide greater earthquake resistance. there may be instances where the ductility
capacity alone is desired to be increased If the load resistance of the foundation is similar to that of the
pier, an increase in the pier strength will result in a movement of the area of damage from the pier into
the foundation A method to increase the deformation capacity of the pier without increasing the
strength may be required if inelastic foundation deformation is undesirable The method proposed is
to use a steel plate on the back of the longitudinal stiffeners as illustrated in Figure 25 in order to
reduce the tWisllng of these stiffeners and to provide the centre of the side with a greater flexural
strength to rec;ist buckling If the steel plate is only placed in the middle region of the panel then the
overall strength of the pier should not increase significantly. It is thought that care may be required in
the attachment of the plate to the pier in order to avoid concentration of strain in the pier below the
plate This method is expected to be most effective in piers which fail by overall buckling of one side
because the buckle of these piers is concentrated in the centre where the stiffeners will be of most
effect The method may be of little or no use in piers which fail by weld fracture.

CONCLUSIONS

The foilowulQ conclusions may be made about the repair and retrofit methods of rectangular steel
piers using steel plates and concrete infill which were investigated:

1) Repair using "strengthening plates" and "contact plates" increased the strength of the damaged
piers and at least the same deformation capacity was obtained in the cases examined.

2) "r-shaped longitudinal stiffeners were of no benefit because the mode of failure of concrete
filled piers was brittle fracture near the base weld rather than bud<ling.

3) Retrofit by filling piers with concrete may increase the strength but may even decrease the
ductility capacity.

4) It may be possible to increase the deformation capacity without increasing the stiffness by using
internal stiffening plates.
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RESOLUTIONS

1. Both Japanese and U.S. particIpants gaIned Insights Into the retrofIt needs

and technical solutIons for brIdge retrofIt In the other countr~ps as a result of

the workshop. It Is recommended that a further workshop be held In one to two

years.

2. ConsIderable progress has been made In ImplementIng retrofit technIques to

restrain brIdge spans from fallIng. As a consequence future research and

implementations should be dIrected Into more crItical areas.

3. Both countri~s are actively Involved In developIng retroflt technIcs for

improvIng performance of brIdge pIers. The research being carrIed out has been

complementary rather than duplicate, whIch emphsis the value of the CU1'rent

InformatIon exchange. Japanese research Is directed prImarIly to problems

assocIated wIth premature termInation of longItudInal reInforcement. U.S.

research has been dIrected toward ImprovIng flexural ductility and shear

strength of piers. Continuing cooperation and Information exchange Is

recommended In thIs area.

4. Both sIdes recognize the Importance and difficulty of effective retrofit of

bridges on foundatIons of Inadequate strength or stability. Increased efforts to

develop and Implement effective solutions Is urged.

Preceding page blank
-425-



APPENDICES



APPENDICES

lJORISHOP PROGIWI

Mon. Dec. 11

8:15

8:30

8:45 - 9:20

Leave Hotel Sunroute Tsukuba

Leave Hotel Grand Shlnonome

Reglstratlon

9: 30 Opening session

(Chairman: K.Kawashlma. M.J.N.Priestley)

Address by Dr.T.lwasakl. Director-General. PWRI

Address by Dr.H.S.Lew. Chief of Structural Division. Natlonal

Institute for Standards and Technology

9:50 Break

10: 30 Session 1 : History ot Sel_lc D.....e and Preparation ot Selsalc Design

Codes

(Chairman: G.A.Macrae)

10:30 1) Seismic Design. Seismic Strengthening and Repair of Highway

Bridges in Japan

(K. Kawashima)

10:50 2) Bridge Substructures and Design Methods

(M.Okahara. S. Takagi and S.Nakatanl)

11:10 3) Design Details of Reinforced Concrete Bridges In Japan

(T.Akimoto)

11:30 Discussions

12:15 Lunch (At IF. PWRI)

13:30 Session 2: D.....e to SlID Francisco Bridges In the~ Prieta

Earthquake

(Chairman: J.Gates)

13:30 1) An Overview of D8II8I'e to Bridges In the Loaa Prieta

Earthquake of OCtober 1989

(H.S.Lew)

13:50 2) San Francisco Double Deckers - Observed Duace and a

Possible Retrofit Solution

(M.J.N.PrlestleY. F.seible)
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14: 10 3) FUll-scale Tests on the Cypress Viaduct

(S. r-tahln and J.Moehle)

14: 30 Discussions

15:00 Break

15:30 session 3 : AssesslleDt and Prioritization of Vulnerable Bridges

(Chairman: H.S.Lew)

15:30 1) Assessment and RetrofIt Research for MUlti-level, Muiti-colu.an

Bents

(S.Mahln and J.MoehIe)

15: 50 2) Prioritizing Bridges for SeIsmic RetrofIt

(J.Gates and B.Maroney)

16: 10 3) Damage and Performance Assessment of ExistIng Concrete BrIdges

Under Seismic Loads

(F.Selble and M.J.N.Priestley)

16:30 4) Large Earthquake Countermeasures for BrIdge SUbstructures on

Tomei Expressway

(T. Tsubouchi. K.Ohashl and K.Arakawa)

16: 50 Discussions

17:35 Adjourn

17:45 Leave PWRI

18:00 Dinner at Steak House ASAKUMA

20:00 ArrIve Hotel Grand Shinonolle
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Toe. Dec. 18

9:00 Leave Hotel Grand Shinonome

9: 10 Leave Guest House of PWRI

9:30 SessIon 4 : Inspection and Strengthenlnc Methods for Reinforced

Concrete Brldce PIers

(ChaIrman: S.MahIn)

9:30 1) SeismIc Inspection and SeIsmIc Strenctheninc of ReInforced

Concrete BrIdge PIers wIth TermInatIon of MaIn ReInforcement

at MId-HeIght

(K. KawashIma, S. Un Joh and H.Ilda)

9: 50 2} SeismIc StrengthenIng of ReInforced Concrete Bridge Piers on

Metropolltan Expressway

(T.Akhloto, H.NakaJIma and F.Kogure)

10: 10 3) SeIsmIc StrengthenIng of ReInforced Concrete Bridge PIers on

Banshln Expressway

(Y. Matsuura, I. Nakamura and H. Sekilloto)

10: 30 DIscussIons

11:00 - 11: 20

11:20 - 11:40

11:40 - 12:00

12:00 - 12:30

12:30 - 13:25

VIsit VIbratIon Laboratory

Visit Earthquake EngIneering Laboratory

Visit Structure Engineering Laboratory

Lunch (At IF, PWRI)

SpecIal SessIon on Japanese Culture (At BIF)

13:30 SessIon 5 : Research on 8elsalc Retrofittlnc and StreD&thenlnc of

ReInforced Concrete Brldce PIers

(ChaIrman: H.Ie.ura)

13:30 1) RetrofIt of Colulllls for Enhanced Sels.lc Perfor.ance

(Y.H.ChaI, M.J.N.Prlestley and F.Selble)

13:50 2) Study on Ductility Estl.ation of Fiber Mixed RC Me.bers

(S.KobayashI, H.Kawano, K.Morlhaaa and H.Watanabe)

14: 10 3) Effect of Carbon Fiber Relnforceaent as a Strenl'thenlnc

Measure for ReInforced Concrete BrIdIe Piers

(T.Matsuda, T.Sato, H.FuJlwara and N.Hlrashlda)

14: 30 Discussions
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15:00 Break

15:30 session 6 : Research OD selsalc Retrontt~and Strengthening

(Chal rman : F. Selble)

15:30 1) Earthquake FaUure Criteria of Original and Repaired RC

Me.bers with Hybrid ExperIments

(H.Ie.ura, K.Izuno and Y.Yamada)

15:50 2) Formulatlon of DuctilIty of ReInforced Concrete Members and

Influence of DuctilIty on Response of Reinforced Concrete

Frame Structures

(H.Mutsuyoshi and A.MachIda)

16: 10 3) Repair and Retrofit of Steel PIers

(G.A.MacRae, K.Kaw8shIlD8 and K.Hasegawa)

16:30 DiscussIons

17: 00 Closing Session: Adoption of Resolution

(Chairman: N.J.M.Priestley, K. KawashIma)

17: 30 Closure

17:45 Leave PWRI

18: 15 Reception at Hotel Grand Sblnona.e
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16:21

17:27

19:31

19:50

lTINERARJ OF STUDT-TOUR

Wed. Dec. 19

9: 15 Leave Tsukuba {Grand Hotel Shlnonoae)for Tokyo by POI Bus

Visit Tokyo MetropolltaD EKpre&8WQ' ("JTtIE Corporation) by 1l'IEC Bus

• Strengthening of RC Piers

• Yokohama Bay Bridge
• Route 12 (Suspension Bridge under Construction)

16:00 Stay at Hotel Shinbashl Dal1chl

1bu. Dec. 20

9:00 Leave Hotel for Tokyo St.

9:32 Take Super-Express Train (Kodua No.473) for Kakegawa In Slzuoka

11:30 Arrive at Kakegawa St.

Visit Ta.el Expressway (Japan Highway Corporation) by JHC Bus

• Retrofit of RC Piers qalnst Tokal Earthquake

Leave Huallatu St. for Nqoya by Super-Express Train (Kodaaa No.441)

Leave Nagoya St. for Okayaaa (Change Train to Hlkarl No.119)

Arrive at Okayua St.

Stay at the Guest House of Honshu-Shikoku Bridge Authority

Fri. Dec. 21

8:30 Leave Hotel tor the Honshu-Shikoku Bridge
Visit seto-Obashl (Honshu-Shikoku Bridl'e Authority) by HSBA Bus

13:03 Leave Okay8118 St. for Osaka by Super-Express Train (Hlkarl No. 114)

14:02 ArrIve at Shin-Osaka St.

VIsit IlaDsbIll EKprel.wa,y (Hanshln Expressway Corporation) by HEC Bus

• Retrofit of RC Piers

17:00 Arrive at the Guest House of Hansbln Expressway COrPOration

Sat. Dec. 22
Free (Visit Kobe or Kyoto: Japanese Culture)

Leave Japan froa Osaka International Airport
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PARTICIPANTS IN THE lIORISIIOP

PARTICIPANTS FROM THE U.S. SIDE

Mr. Y. R. CRAI

Departllent of Applied Mechanics and

Engineering Sciences.

University of California. San Diego.

La Jolla, California 92093, U.S.A.

Fax: (916)534-6373

Mr. JUleS R. GATES

Division of Structures

Department of Transportation
State of Callfornla

1801 30th Street.

West BuIlding. Roo. 504

Sacramento. CA 95816

Mall: P.O. Box 942374

Sacruento. CA 94274-0001

Tel: (916)445-1439

Fax: (916)445-0574

Dr. R. S. LEW

Chief of Structural Division

Center for BuUdlnl' Technolol'Y

National Institute for Standards and

Technolol'Y
U.S. DepartEnt of Co_erce

Gaithersburg. Maryland 20899. U.S.A.

Tel: (301)975-6061

Fax: (301)915-4032

Dr. Stephen A.. MARIN

Professor
Departllent ot Civil Engineering

Chalr.an. Structural Engineering

Mechanics and Materials

University of CaHfornla. Berkeley

Berkeley, CA94720. U.S.A.

Tel: (415)642-4021

Fax: (415)643-5264

Dr. M. J. Mteel PRlEsn.EY

Professor of Structural Engineering

Departllent of Applied Mechanics and

Engineering Sciences

University of California. San Diego.

B-010

La Jolla. California 92093. U.S.A.

Tel: (916)534-5951
Fax: (916)534-6313

Dr. FrIeder SEIBLE

Associate Professor of Structural

Enl'lneerlnc

DepartEnt of Applled Mechanics and

Enl'lneerlnl' Sciences.

UnlTerslty ot Callfornla. San Diego.

B-OI0

La Jolla, California 92093. U.S.A.

Tel: (918)534-4840

Fax: (916)534-8313
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PARTICIPANTS FROM THE JAPAN SIDE

Mr. Talsuke AKlMOTO

Manager

Design' Research DIvisIon

EngIneerIng Department

MaIn OffIce of Metropolltan Expressway

PublIc Corporation

1-4-1, Kasumigaseki. Chlyoda-ku.

Tokyo. 100. Japan

Tel: 03-502-7311

Mr. Tadashl ARAKAWA

Manager

Construction Fourth Section

Main Office of Japan HIghway PublIc

Corporation

3-3-2, Kasumigaseki. Chlyoda-ku. Tokyo,

100, Japan

Tel: 03-506-0212

Mr. ltazushlce ARAKAWA

EngIneer

Second MaIntenance Section
Tokyo FIrst Operation Bureau of Japan

Highway Public Corporation

1-1. MIn8llidai ra-dal. Mlyuae-ku.

Kawasakl-shl. 213, Japan

Tel: 044-817-4181

Mr. Gerardo BERUMEN

Graduate Student

Departllent of Civil EngIneering

Kyoto UniversIty

Yoshlda-bon-aachl. Sakyo-ku,

Kyoto-shl, 606, Japan

Tel: 075-753-7531

Fax: 075-761-0646

Jlr. Bll'08hl FUJIWARA

Duputy Manag~r

Structural EngIneerIng DivisIon

Laboratory of Japan HIghway PublIc

Corporation

1-4-1, Tadao, MachIda-shI, Tokyo, 194,

Japan

Tel: 0421-91-1621

Mr. RIdenorl HAYASHI

Manager

Development Second SectIon

Research and Development Department

Hanshin Expressway Public Corporation

Center

4-5-7. Minami-moto-lIachI, Chuoh-ku,

Osaka-shl, 541, Japan

Tel: 06-282-0171

Fax: 06-282-1060

Mr. Norlo BIGASHIDA

EngIneer

Structural Engineering DivIsion

Laboratory of Japan Highway PublIc

Corporation

1-4-1, Tadao, Machlda-shl, TokYo, 194,

Japan

Tel: 0427-91-1621

Dr. Hlrokazu IDIORA

Associate Professor

Departllent of Civil EngineerIng

Kyoto University

Yoshlda-hon-aachl, Sakyo-ku,

Kyoto-shl, 606, Japan

Tel: 075-753-7531

Fax: 075-761-0646

..... Aldra IGARASHI
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Departllent of Applied Mechanics and

Engineering Sciences

University of Callfornla, San Diego,

La Jolla, California 92093. U.S.A.

Mr. Blroyukl (IDA

Assistant Research Engineer

Earthquake Engineering Division

Public Works Research Institute

Tsukuba Science City,

Iharakl-ken, 305, Japan

Tel: 0298-64-2211

Fax: 0298-64-2840

Dr. Tosblo IWASAKI

Director-General

Public Works Research Institute

Tsukuba Science City,

Ibarakl-ken. 305, Japan

Tel: 0298-64-2211

Fax: 0298-64-2840

Mr. KazuyukJ (ZUNO

Research Associate

Department of Civil Engineering

Kyoto University

Yoshlda-hon-machl. Sakyo-ku,

Kyoto-shi. 606, Japan

Tel: 075-753-7531

Fax: 075-761-0646

Mr. Wrotaka IAWANO

Head

Concrete Division

Public Works Research Institute

Tsukuba Science CIty.

Ibarakl-ken. 305. Japan

Tel: 0298-64-2211

Fax: 0298-84-2840

Dr. Iazublko IAWASBIJlIIA

Head

Earthquake Engineering Division

Public Works Research Institute

Tsukuba Science City,

Ibarakl-ken, 305. Japan

Tel: 0298-64-2211

Fax: 0298-64-2840

Mr.Shlget08hl IWBAYASID

DIrector

Geology and Chemistry Department

Public Works Research Institute

Tsukuba Science City.

Ibarakl-ken. 305. Japan

Tel: 0298-64-2211

Fax: 0298-64-2840

Dr. Jyuro I:ODERA.

Chairman of Board

Yachlyo Engineering Corporation

1-10-21, Naka-Meguro,

Meguro-ku, Tokyo-to. 135. Japan

Tel: 03-715-1231

Mr. Shin I:OGURE

Senior Engineer

Design Division

Tokyo Maintenance Bureau of

Metropolitan Expressway Public

Corporation

1-1-3. Shlnto.l. Tyuoh-ku, Tokyo, 104,

Japan

Tel: 03-552-1441

Dr. Greeory A. MACRAE

Research SCholar

Earthquake ED~lneerln~Division

publlc Works Research Institute

Tsukuba SCience City.
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Ibarakl-ken, 305, Japan

Tel: 0298-64-2211

Fax: 0298-64-2840

Mr. Tetsuo MATSUDA

Manager

Structural EngineerIng Division

Laboratory of Japan Highway Publlc

Corporation

1-4-1, Tadao, Machlda-shl, Tokyo, 194,

Japan

Tel: 0427-91-1621

Dr. Hiroshi MUTSUTOSBI

Associate Professor

Department of Construction

Engineering

Saitama UnIversity

255. Shlmo-ohkubo. Urawa-shl.

Saltama-ken. 338. Japan

Tel: 0488-52-2111

Mr. BlroyUkI NAGASJIDIIA

Assistant Research Engineer

Earthquake Engineering Division

Public Works Research Institute

Tsukuba Science City,

Ibarakl-ken, 305, Japan

Tel: 0298-64-2211

Fax: 0298-64-2840

Mr. Blraku NAKAJIMA

Manager

Maintenance Engineering Division

Engineering Departllent

Main Office of Metropolitan Expressway

Public Corporation

1-4-1. KasUIIIgasekl, Chlyoda-ku.

Tokyo. 100. Japan

Tel: 03-502-1311

Mr. Ippel NAIAMURA

Chief Enl'lneer

Maintenance Enclneerlnc Section

Maintenance and FacUlty Design

Division

Main Office of Hanshln Expressway

Public Corporation

4-1-3. J(yutarou-cho, Chuoh-ku,

Osaka-sbl. 541, Japan

Tel: 06-252-8121

Mr. YoDeO OU

Chief Engineer

Concrete Division

Laboratory of Japan Highway Publ1c

Corporation

1-4-1. Tadao, Machlda-shl. Tokyo, 194,

Japan

Tel: 0427-91-1621

Mr. IIUchlo OIAIIARA

Head

Foundation Division

Public Works Research Institute

Tsukuba Science City,

Ibarald-ken. 305. Japan

Tel: 0298-64-2211

Fax: 0298-64-2840

Mr. IeDJI OIL\SllI

Engineer

Second Maintenance section

Tokyo First Operation Bureau of Japan

Bll'bway Public Corporation

1-1. Mlnaaldalra-dal. Mlyaaae-ku,

Kawasakl-shl. 213. Japan

Tel: 044-811-4181

1IIr.~. OBSIIJM
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Investll'ator

Desll'n Englneerlnl' Section

Main Office ot Bushln Expressway

Public Corporation

4-1-3. Kyutarou-cho. Tyuoh-ku.

Osaka-shIt 541. Japan

Tel: 06-252-8121

Nr. Raj1IIe OBUCBI

Chief Research Engineer

Structural Engineering Dept. No.1

Technical Research Institute

Obayashl Corporation

4-640. Shillokiyoto. Klyose-shl

Tokyo. 204, Japan

Tel: 0424-91-1111

Fax: 0424-92-1855

Dr. Yasushl SASAII

Director

Earthquake DIsaster

Prevention Departllent

Publlc Works Research Institute

Tsukuba Science City.

Ibarakl-ken. 305. Japan

Tel: 0298-64-2211

Fax: 0298-64-2840

Mr. Takaahl SATOR

Duputy Manacer

Structural Englneerlnl' Division

Laboratory ot Japan HIl'hway Public

Corporation

1-4-1, Tadao. Machlda-shl, Tokyo, 1~,

Japan

Tel: 0427-91-1621

Mr. B1de7Wd SBDIIZU

Assistant Research Engineer

Earthquake Engineering Division

Public Works Research Institute

Tsukuba SCience City,

Ibarakl-ken. 305. Japan

Tel: 0298-64-2211

Fax: 0298-64-2840

Mr. Shoji TAKAGI

Senior Research Enclneer

Foundation Division

Public Works Research Institute

Tsukuba Science City.

Ibarakl-ken. 305, Japan

Tel: 0298-64-2211

Fax: 0298-64-2840

Nr. KeUcbl TAMURA

Senior Research Engineer

Ground Vibration DIvision

Publlc Works Research Institute

Tsukuba Science City.

Ibarakl-ken. 305, Japan

Tel: 0298-64-2211

Fax: 0298-64-2840

Nr. Tohru 'l'ERATNM.

Enl'lneer

Design' Research DIvision

Enl'1neerlng Departllen t

Main Office of Metropolltan Expressway

Publlc Corporation

1-4-1, KasUIII,aseki. Chlyoda-1m.

Tokyo, 100. Japan
Tel: 03-502-1311

Mr. IeDlcIal TODTA

Read
Ground Vibration Division

Public Works Research Institute

Tsukuba SCience City.

Ibarakl-ken, 305. Japan
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Tel: 0298-64-2211

Fax: 0298-64-2840

Mr. HIroshI TOMIOKA

Manager

Bridge Engineering Section

Main Office of Honshu-Shikoku Bridge

Authority

5-1-5. Toranomonn. Mlnato-ku. Tokyo.

105. Japan

Tel: 03-434-7281

Mr. Toshikazu TSUBOUCm

Manager

Second Maintenance Section

Tokyo First Operation Bureau of Japan

HIghway Public corporation

1-1. Mlnamldai ra-dal. Mlyamae-ku.

Kawasakl-shl. 213. Japan

Tel: 044-877-4181

Mr. ShIgeki UNJOH

Research Engineer

Earthquake EngIneering DIvisIon

Public Works Research Institute

Tsukuba Science Ci ty.

IbarakI-ken. 305. Japan

Tel: 0298-64-2211

Fax: 0298-64-2840

Mr. Wroshi WATANABE

Research Engineer

Concrete DivisIon

Public Works Research Institute

Tsukuba Science City.

IbarakI-ken. 305. Japan

Tel: 0298-64-2211

Fax: 0298-64-2840

Mr. Iazuhlko TAMGISRI

Duputy Manager

Design EngineerIng ThIrd Section

Main Office of Honshu-Shikoku Bridge

Authority

5-1-5. ToranolDonn. Mlnato- ku. Tokyo.

105. Japan

Tel: 03-434-7281
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