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ABSTRACT

Two identical three-story framed wall specimens, representing the

lower portion of a ten-story framed wall building, were tested under

monotonic and cyclic loading to study the behavior of the wall under

seismic excitations. One-third-scale models of the specimen were used.

The code-designed building consisted of ductile moment-resisting frames

with two framed walls in the north-south direction and four framed walls

in the east-west direction. Its floor system consisted of a flat rein

forced concrete slab.

To simulate the boundary condition of the prototype wall as well as

to transfer uniformly the applied shear force through the whole width

of the wall, a portion of the flat slab was cast with the wall specimen.

Shear force, axial force, and bending moment were applied to simulate

the effects of gravity loads and earthquake excitations on the prototype.

After incipient failure, each specimen was repaired to study the

effectiveness of the repairing technique.

Free vibration tests were :arried out to determine the critical

damping ratio and the frequency of vibration of each specimen before

and after loading them to different levels of damage.

The test data permitted comparison of (1) the directly measured

lateral displacements at different floor levels with the computed lateral

displacement based on the measured flexural and shear deformation, (2)

the external energy applied to the specimens with the internal energy

dissipated by the specimens, and (3) the measured strength with the

theoretical strength.

Based on the mechanical behavior of the wall element, nonlinear
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dynamic analyses were carried out to study the response of the prototype

building under different ground excitations. The main objectives of

these analyses were to determine the distribution of shear and axial

forces and bending moments in the different structural elements and to

define the ductility demands at the critical regions of these elements.

Experimental and analytical results showed that walls of a wall

frame structural system could fail in shear when subjected to severe

seismic ground motions. Depending on the plastic hinge rotation capa

city of the critical regions of the frame elements, columns and beams,

and on the dynamic characteristics of the ground excitations, wall

failure could also lead to collapse of the entire building.

Present code design methods for wall and wall-frame systems are

assessed. In addition, recommendations for designing the wall against

shear failure and for improving present methods of d~signing dual

bracing systems are offered.
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1. I NTRODUCTI O~

1.1 GENERAL

Because of the uncertainty of the magnitude and the characteristics of

future earthquakes, it is not economically feasible to design structures

to resist major earthquake shaking elastically [1,2,3J. According to the

present design philosophy for the performance of earthquake-resistant

structures, a building should be able to resist minor earthquake ground

shaking without undergoing structural or nonstructural damage, to resist

a sequence of moderate earthquake ground shaking with only minor repairs,

and to resist major earthquake ground shaking without suffering collapse.

i'lore specifically, a structural system must provide the building with

sufficient stiffness under service loading in addition to sufficient

strength and energy absorotion and energy dissipation capacities against

severe seismic excitations.

Many structures of low and medium height consist of ductile

moment-resisting frames. As the height of the structure increases, more

than ten stories [4,5J, for example, it is more efficient to provide the

building with the required lateral strength and stiffness by means of a

Frame system interacting with structural walls. These structural walls,

because they are usually designed to resist the total lateral shear forces,

are referred to as "shear walls." However, if the length-to-depth ratio

of these walls is large enough, greater than two for a cantilever wall

loaded in the top [6J, for example, it will be possible to design the wall

such that its failure mechanism will be controlled by flexural behavior.

These "flexural walls" may provide a considerable amount of energy absorp

tion and dissipation capacity and thereby act as efficient earthquake

resisting elements.
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According to the damage study of past earthquakes [7-11J, some struc

tures with structural wall elements performed very well. Other structures

with similar wall elements collapsed or suffered heavy damage during severe

earthquakes. Damage to the latter was primarily due to poor design or

poor construction, not due to the inadequacy of the wall-frame system

itself. For instance, damage to the Mt. McKinley Building and the 1200L

Apartment Building during the 1964 Alaska earthquake was due to the inade

quate flexural capacities of their wall piers (each containing vertical

reinforcements of only two layers of #5 rebars spaced at 18-inch intervals)

as well as the brittle failure of their coupling beams [7,8J. Now that

the behavior of beams under high shear is better understood, the ductility

of coupling beams may be improved by using the diagonal reinforcement sug

gested by Paulay [6J and by various methods suggested by Bertero and Popov

[12,13J.

Damage to the J. C. Penney Building during the Alaska earthquake was

partially due to high torsional moments that developed but were perhaps

mainly due to poor detailing and poor workmanship [7J. Had the main lat

eral force resisting elements of the building, the walls, been arranged

symmetrically, most of the torsional moment generated by the earthquake

excitations would no doubt have been eliminated and had the construction

joint been designed according to code requirements and constructed accord

ingly, damage could have been minimized.

The collapse of the core towers of the Four Seasons Apartment house

during the Alaska Earthquake [7J was due to the bond failure at the vertical

reinforcing bar splice. Although some damage was found in the shear walls

of the Indian Hills Medical Center during the 1971 San Fernando earthquake

[2,10J, the overall performance of the building was satisfactory. The

major damage to these shear walls occurred at the location where the main
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vertical wall reinforcement was lapped and where the lightweight con

crete floor joints the wall. This damage was repairable.

Shiga, Shibata, and Takahashi [14J have made a statistical study

which shows that structures with the sectional area of the first story

walls along the longitudinal direction, Aw' greater than 0.8 percent of

the total floor area of that s;:ory, At, suffered no observable damage

during past earthquakes. Some of the damaged buildings described above

belong to this category (Table 1), however. Both the Mt. McKinley and

l200L Apartment Buildings have Aw/At ratios approximately equal to 2.8

percent; the Aw/At for the J.C. Penney Building is 0.8 percent. The

Indian Hills Medical Center has an Aw/A
t

ratio equal to only 0.5 per

cent. Although damage to these buildings could have been lessened with

careful construction, most of the damage was due to poor design.

Building and design codes have been greatly improved based on past

experiences with major earthquakes. It has been widely recognized

[15,16J, however, that present code design forces for relatively rigid

structures can be at most one-third as great as those expected in a linear

response to a severe earthquake record, even if high damping is assumed.

Therefore, one must rely on the energy absorption and dissipation capa

city of structural members in their inelastic range for the building to

survive major ground motions. For structures designed using shear walls

as their main lateral force resisting element, information on the hys

teretic behavior of such walls is essential for studying the behavior

of the entire structure under major earthquake excitations.

Although wall systems have been used extensively in actual buildings,

information on their hysteretic behavior is sparse, especially for medium

and high-rise walls. In the pa~;t quarter-century, most of the experimental
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results were obtained from tests of one- or two-story reinforced concrete

walls or infilled reinforced concrete frames which were subjected to

simplified loading conditions. These walls had rectangular cross-sections

[17J, I-sections [18J, or wall panels with boundary elements [19-22J.

Results of tests on several rectangular high-rise walls have been reported

jy Cardenas and Magura [17J. They found that, depending on the percentage

and distribution of the vertical reinforcement, the behavior of this type

of wall is controlled by either shear or flexure.

To achieve large ductility, it is necessary to concentrate the vertical

reinforcement near the outer, vertical edges of the wall cross section

[17J. It is also necessary to provide qood confinement for the concrete

near the edges of the wall and to prevent buckling of the vertical rein

forcement at the same location. It was therefore decided to investigate

the behavior of the medium-rise wall with spirally reinforced edge columns

because this type of framed wall has the potential for providing large

strength, stiffness, and energy ahsorption and energy dissipation.

1.2 OBJECTIVES AND SCOPE

This report represents the first phase of an ongoing investigation

at Berkeley on the mechanical behavior of walls subjected to seismic

excitations. The ultimate objective of the investigation is to develop

practical methods for the seismic design of combined wall-frame structural

systems.

This report is concerned with studying the hysteretic behavior of

medium-rise framed wall specimens when subjected to simulated earthquake

loads. Special emphasis is placed on the stiffness, strength, ductility,

plastic hinge rotation and energy dissipation capacity of the walls as

~jell as their modes of failure when they are subjected to the largest

predictable shear stresses. The variations of the critical damping
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ratio and of the frequency of the wall were studied by measuring these

values after the specimens were subjected to different levels of loading

and damage. The effectiveness of present methods of repairing structures

was a secondary objective.

To reach the above objectiv,~s, a prototype wall-frame building was

designed according to 1973 UBC [23J regulations. The nominal shear

stress of the walls used in this building was selected as the maximum

value allowed by the UBC, that is,

= 10~

The dynamic response of the prototype building to the N-S component

of the 1940 El Centro earthquake and to the S-16°-E component of the

derived Pacoima base rock motion from the 1971 San Fernando earthquake,

was analyzed by using the TABS computer program [24J. With the most

critical shear to moment ratio obtained from these analyses with regard

to induced shear, two identical specimens representing the three lower

stories of a ten-story framed wall were tested under different loading

programs to study the effect of loading reversals on their behavior.

The boundary conditions of the specimens were kept as close to the realis

tic case as possible. The specimens were instrumented to obtain suf

ficient data to study the strength of the specimen, the lateral dis

placement at each floor level, the flexural deformation, the shear

distortion, and the strain of the reinforcement and concrete at various

locations.

After testing, the specimens were repaired to study the effectiveness

of a commonly used repairing technique. Repairs were effected by first

removing and recasting the crushed concrete and then injecting the cracks
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with epoxy. Free vibration tests were conducted, first, on the undamaged

wall and then on the specimen at different stages of damage to determine

its critical damping ratio and its frequency at each of these stages.

The experimental results were compared with the theoretical values

predicted by the nonlinear finite element analysis. This nonlinear

finite element analysis technique was also adopted to carry out the

parametric studies of the shear capacity of the wall specimen.

The nonlinear response of the prototype building to the El Centro

and derived Pacoima base rock motion was studied. Based on the results

obtained from the tests and from the nonlinear dynamic analyses, present

seismic design methods are evaluated and suggestions for their improve

ment are offered.



2. TEST SPECIMENS

7

2.1 PROTOTYPE BUILDING

A ten-story reinforced concY'ete building was designed consisting of

two framed wall s runni ng along the N-S di recti on and four framed wall s

running along the E-W direction. The floor plan and elevation view of

the building referred to as the prototyoe, are shown in Fia. 2.1. The

building is symmetric with respect to both directions, thus minimizing

the unfavorable torsional force that could develop during an earthquake.

The walls of the prototype selected for this study are those in

the N-S direction. Because the main objective of this study is the inves

tigation of the behavior of framed walls under the largest predictable

shear stresses, it was decided to use the minimum number of two walls in

the N-S direction. Although this study utilizes only two walls, it is

usually desirable to have a larger number of structural willls. i="or example,

the same prototype building designed according to AIJ Code specifications

[26,27J requires a minimum number of four walls. Four framed walls running

along the transverse direction were also used in the Inrlian Hills Medical

Center which has a floor plan similar to the prototype used in this inves

tigation (Fig. 2.2)[9J.

The design of the prototype )uilding results in panels of the walls

in the N-S direction having a thickness of twelve inches and those in the

E-W direction having a thickness af eight inches. The floor system dia

n~ragms of the building consist of an eight-inch thick flat slab. The

exterior columns of the orototYoe building, including the boundary columns

of the E-W walls, are all 20 inches by 20 inches. All the interior columns

are 24 inches by 24 inches. The exterior columns are further interconnecterl

with twelve-inch wide and l~-inch deep soandrel beams.
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The prototype building was designed according to the third category

specified in Table 23-1 of the 1973 UBC. That is, the horizontal force

factor, K, of Eq. (14-1), Chap. 23 of the UBC, was selected to be 0.8.

The building was assumed to be located in Seismic Zone Number 3. There-

fore, the value of Z in this equation was 1.0.

2.2 DESIGN OF N-S FRAMED WALLS

According to item 2 of Table 23-1 of the UBC, walls acting inde-

pendently of the ductile moment-resisting portion of space frames should

be capable of resisting the total required lateral forces. According

to Eqs. (14-3), (14-2), and (14-1), Chap. 23 of the UBC:

T = 0.05 x 93

I6T
= 0.595 (2.1)

C = 0.05 = 0.0594 (2.2)

1T
V = ZKCW = 1.0 x 0.8 x 0.0594 x 19988 = 950 kips (2.3)

The estimation of the total weight of the building, W, is given in

Appendix A.

Section 2314(g) of the UBC also requires that walls be capable of

resisting a minimum torsional moment equal to the story shear acting

with an eccentricity of five percent of the maximum building dimension

at that level. This is computed to be:

Mt = 0.05 x 180 x 950 = 8550 k-ft. (2.4)

Thus total base shear per wall = 1 950 + 8550 = 536 kips
2 140

where 140 feet is the distance between the walls (assuming that all the

torsional moments are resisted by the N-S walls alone, which is a con-

servative assumption).



9

The distribution of the total base shear along the height of the

wall is in accord with Eqs.(14-4) and (14-5), Chap. 23 of the USC.

Fig. 2.3(a) shows the magnitude and distribution of the code specified

lateral forces multipled by the "load factor, 1.4 [Sect. 2627(a) of the UBC].

ilowever, the base axial force, 1;760 kips, is only equal to the unfactored

axial force of 1.0 x (0 + L) which was used in the tests. During severe

earthquake ground shakings, the probability that either the dead or live

load existing in the building ha~; been increased by 1.4 times is very

small. It is believed that a reasonable estimation of the loading condi-

tion on the wall originated by the gravitational force during a severe

seismic shaking is that assuming a load factor of 1.0.

2.2.1 Edge Columns of Walls

According to Sect. 2627(c) of the UBC, edge columns should be designed

to carryall the vertical stresSES resulting from the wall loads in addition

to tributary dead and live loads from the specified horizontal earthquake

force. In this case the specified yield strength of the reinforcement

\Jas 60 ksi and the specified concrete compressive strength was 4 ksi.

(a) Tension column. - The ¢ factor for the axial tension column is

0.9 [UBC Sect. 2609(c)]; thus:

= 1.4(E + torsion) - 0.9 0
¢

where

= = 1812 ki;Js (2.5)

_ 588,000 k-in.
1668 k - 1.4 x 252 in. (Fig. 2.3)

and 782 kiDS is the distributed dead load transferred to the column.
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Using eight #18 rebars,

Pu
= 60 x 8 x 4 = 1920 kips > 1812 kips

¢

(b) Compression column. - The ¢ factor for the axial compression

column with spiral reinforcement is 0.75; thus:

1.4[E + torsion + (D+L)J
¢

1.4(1668 + 782 + 98)
0.75 4756 kips (2. G)

Using a 30-inch by 30-inch column with eight #18 rebars,

0.85 x 4 x [(30x30) - 32J + 60 x 32

(c) Column spirals [UBC Eo. (10-3), Sect~ 2610J

4871 kips > 4756 kips

(,~ ) f ~ (900) 4Ps = 0.45 ~ - 1 f
y

= 0.45 573 - 1 60 = 0.0172

Using #5 rebars at apJroximate1y 2-1/2-inch intervals,

(2.7)

lTD A"s s _
--- -
~24 sa

2.2.2 Wall Panel

4A"s =
°sa

4 x 0.31
27 x 2.5 = 0.0183 > 0.0172 (2. (3)

Section 2627(a) of the USC specifies a load factor of 2.8 for

calculating shear stresses in shear walls of buildings without a 100 percent

!-lOment-resisting s:Jace frame. This load factor is twice as large as that

required to compute the flexural capacity of \\lalls. The ohilosophy of
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using this larger load factor in designing the shear capacity of the

wall is to prevent undesirable brittle shear failure. Even with this

extra safety factor of two, however, there still remains the danger of

the wall failing in shear. For shear, the ¢ factor is equal to 0.85; thus:

Vu = 2.8(536)
¢ 0.85 = 1765 kips (2.9)

Using a twelve-inch thick 'Nall panel, the effective depth, d, of the

wall is taken to be 0.8 lw = 226 inches, wherein:

v
u

v
= u =

¢hd
1765 X 10 3

12 x 226 = 650 psi (2.10)

According to the UBC, v shall be less than 101fT = 633 psi. How-
u c

ever, the value of d taken as 0.8 lw is conservative in this case since

the framed wall is designed such that most of its vertical reinforcement

is concentrated at its edge columns. For instance, if no vertical rein-

forcement is provided for the \~all panel, the value of d, being the

distance between the extreme compression fiber and the centroid of the

tension column, becomes equal to 267 inches. In the case where a large

amount of vertical reinforcement is used for the wall panel, the value

of d will be less than 267 inches but still greater than 0.8 lw (226

inches) for the following reason. According to the theoretical compu-

tation of the yield moment of the wall specimen (Sect. 5.4), the neutral

axis is located 30 inches from the extreme compression fiber when the

section yields. If the d value of the wall specimen is taken as the

distance from the extreme compression fiber to the centroid of the area

of the rebars in tension, it is equal to 78.3 inches for the specimen

and 235 inches for the corresponding prototype. If this value is
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adopted, v = 626 psi < 633 psi. Therefore, the twelve-inch thick wall
u

panel is acceptable.

(a) Horizontal wall panel reinforcement. - Using Eq. (11-33), UBC

Sect. 2611:

~ r;-;- 1 ~.25~ + 0.2 ~\)
Vc = 0.6Vf~ +~ c w > 2Vf:. = 127 psi

c Mu 1 c
V-...Yi

u 2

(2.11 )

= 0.6 x 63.3 + 282 x (1.25 x 63.3 + 0) =
Vc 788 - 141 72 psi (2.12)

Therefore, Vc is taken as 21fT = 127 psi when N is in compression.
c u

Using #6 rebars in a double layer:

S =
A fv y 0.88 x 60,000

= (650 - 127) x 12 = 8.42 inches (2.13)

The spacing may be increased to nine inches if the more realistic

value of d, 235 inches, is used in computing v (Eq. 2.10).
u

(b) Vertical wall panel reinforcement. - From Sect. 2.2.2(a):

(2.14)

Thus according to Eq. (11-34), UBC Sect. 2611, vertical shear rein-

forcement shall not be less than:

(Pn > 0.0025) (2.15)

According to the SEAOC recommendation [28J, however, the value of

Pn shall be the same as that for Ph·



13

The vertical wall panel reinforcement will not increase the shear

capacity of a wall with a hw/lw value greater than 2.5 [29,30J, although

it will increase the flexural capacity. The use of a larger amount of

vertical wall panel reinforcement is conservative from the flexural point

of view, but not necessarily from the point of view of preventing shear

failure. A more detailed discussion of this concept will be presented

in Sects. 3.4.2 and 3.5.3.

2.3 SELECTION OF TEST SPECIMEN AND MECHANICAL CHARACTERISTICS OF MATERIALS

2.3.1 Test Specimen

For a rational selection of test specimens, it is necessary to deter

mine first, the basic subassemblage whose test could supply the required

information for the whole structJre, and second, the model scale for

reproducing this subassemblage. Determination of the basic subassemblage

and model scale cannot be done independently since they are interrelated.

Scale. - There are many factors which can be influenced by the scale

of a model. For example, the bond characteristics between presently

available reinforcement and the concrete vary according to the bar sizes.

Even the yielding characteristics of different bar sizes are different.

While Gamble [31] has reported that the averag e yield strength of #18

rebars is 8.5 percent lower than that specified for Grade 60 steel (60

ksi), the yield strength of the #6 rebars used in this investigation to

model the #18 rebars is 20 percent higher than the specified value of

60 ksi (Table 2). In addition, the maximum size of the aggregate used

in the concrete may affect the a~gregate interlocking properties in a

cracked region of a reinforced ccncrete member. Furthermore, the

influence of errors in the fabrication of specimens increases with the

reduction in scale. For all these reasons, it is desirable to test

specimens on the largest possible scale.
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Basic Subassemblage.- Since the inelastic behavior of the wall is

of the greatest interest, the whole critical (yield) zone of the prototype

wall, when subjected to severe seismic excitations, must be reproduced

in the test specimen. According to the moment diagram of the wall shown

in Fig. 2.3(d), the base moment (588,000 k-in.) is 1.42 times the moment

at the bottom of the third story (399,000 k-in.). It is unlikely that the

wall can develop an ultimate moment capacity which is 1.42 times its yield

moment. Therefore, it can be judged that when the base moment reaches

the ultimate moment of the wall, the moment in the bottom section of the

third story will be smaller than its yield moment. This, together with

the fact that the total height of the first two stories (seven feet) is

slightly larger than the effective depth of the wall (six feet), leads to

the assumption that the yield zone or "critical region" of the wall will

probably not extend into the third story. Thus, the wall specimen could

be selected to represent only the two first stories. However, simulation

of boundary conditions (force applications) demanded the selection of a

three-story subassemblage. As will be described in Sect. 3.3, the gravity

load and top overturning moment are applied at the tip of the edge columns

of the wall specimen. In order to keep the local effect of these concen

trated applied loads away from the critical region of the specimen and to

provide a correct boundary condition for that region, it was decided to

design the specimen with three stories.

According to the above consideration and the capacity of the available

testing facilities, a three-story, one-third scale subassemblage model was

finally selected for this study.

Except for the slab thickness, the dimensions of the specimen correspond

to exactly one-third the dimensions of those in the prototype. The dimension
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of the specimen and the details of its reinforcement are shown in Fig. 2.4.

2.3.2 Mechanical Characteristics of Model Materials

As discussed in Sect. 2.2.1, the prototype wall structure was designed

on the basis of a f' 4 ksi and a f = 60 ksi. Thus, similar designc y

strengths were adopted for the model materials.

2.3.2.1 Steel Reinforcing Bars

The stress-strain curves of the #6 rebars shown in Fig. 2.5 were

obtained by averaging the curves of three similar test specimens. Although

the specified yield strength of all the reinforcements was 60 ksi, the actual

yield strength of the #6 rebars reached 73 ksi. The strain-hardening of

the #6 rebars began when their strain reached 0.01. The initial strain-

hardening modulus was 1000 ksi. The maximum nominal stress of the #6

rebars, 106 ksi, was reached at a strain of 0.09. Necking of the rebar

could be observed when the rebar reached maximum stress. The stress-strain

curve of the #2 rebars (not shown) is very close to that of the #6 rebars.

Only small differences in the yiEld and ultimate strength of these two sizes

of rebars can be found (Table 2).

The yield stress of the spiral reinforcement was 82 ksi. No clear

plastic plateau could be seen on the stress-strain curve of the spirals

(Fig. 2.5). Comparing the ultimate strain of the spirals, 0.024 with that

of the #6 rebars, 0.200, it can be concluded that the wire used for the

spiral was considerably less ductile than those for the deformed #2 and

#6 bars.

2.3.2.2 Concrete

The specified 28-day compressive strength of the concrete was 4000

psi. The specimens were cast story by story. The footing concrete was
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purchased as ready-mixed and the rest of the concrete was mixed in the

Davis Hall Structural Laboratory. Although all the concrete had the same

mix design, the strength of the ready-mixed footing concrete never reached

4000 psi. The 28-day compressive strength of the concrete mixed in the

laboratory was almost 4000 psi; on the day of testing, however, the strength

of this mixture reached 5300 psi due to the age effect (Table 2). The

typical stress-strain curve of concrete is shown in Fig. 2.6. The elastic

modulus of the concrete, E , taken as the slope of the line connectingc

the origin and the point, having a stress value of 0.45 f~, is equal

to 2800 ksi. This value is considerably lower than the USC value of

57,000 If', which is equal to 4150 ksi for an f' equal to 5300 psi.c c

2.4 SECTIONAL STRENGTH OF FRAMED WALL MODEL

2.4.1 Flexural Strength

The flexural strength of the wall model compute~ in this section is

based on the axial compressive force of 195 kips (195 = 1760/9, Sect. 2.2).

The axial force-moment interaction diagram of the specimen is shown in

Fig. 2.7 and will be discussed in Sect. 3.6.

As discussed in Sect. 2.2.1, the external moment for the design of

the prototype wall is assumed to be carried by the edge columns of the

framed wall. According to this assumption, the flexural strength of the

framed wall model is equal to:

M = ¢(213 x 84 + 195 x 84/2)
u

= 23,500 k-in.

0.9 x 26,100

(2.16)

where 213 kips is the tensile strength of the column, 195 kips is the

unfactored gravitational force, and 84 inches is the distance between the

centroid of the columns. The flexural capacity contributed from the wall
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panel of the framed wall was not included in the above calculation. If

the entire framed wall is considered as a flexural member, its flexural

strength computed according to the UBC will be equal to:

(2.17)

(2.18)

*34,000 k-in.=
Mu

¢

M = 0.75 x 34,000 = 25,500 k-in.
u

This value is 8.5 percent higher than the value computed according

to the criteria given by Eq. 2.16. If the actual strength of the materials

and the strain-hardening of the Y'einforcement had been considered during

the computation and had a more realistic maximum usable concrete strain

**of 0.0038 been adopted, the flexural strength of the specimen would be

***equal to 42,000 k-in. (Table 3). This value is 179 percent of the value

computed in Eq. 2.16 and is 124 percent of that computed in Eq. 2.17

The significance of these percentages will be discussed in Sect. 3.4.2.

2.4.2 Shear Strength

According to the assumption made in Sect. 2.2.2, the shear strength

of the prototype wall is equal to:

*This computation is based on: (1) the linear variation of strains along
a section; (2) an equivalent bilinear concrete stress-strain curve; (3) a
maximum usable strain of concrete, chosen as 0.003; and (4) the specified
strength of the materials. Strain-hardening of the steel is not considered.

**According to the stress-strain curve of the concrete shown in Fig. 2.6,
the strain corresponding to the maximum stress is 0.0031. Therefore, the
maximum usable strain of the concrete could be 0.0038, rather than the
value of 0.003 suggested by the UBC.

***This value is very close to the actual strength of the specimen
(43,220 k-in., Table 3).



18

v
u

= 940.85 x [2~ x 12 x 0.8 x 94 + 0.8 x 3 x 0.10 x 60J

158 kips (2.19)

If the actual strength of the materials is used and the ¢ factor is

not included (fl = 5.3 ksi and f = 73 ksi), V /¢ will be equal to 223
c y u

*kips. However, the value of Vu/¢ does not consider the shear capacity

of the web reinforcement of the wall edge columns. Neither the UBC nor

the ACT Code [25J suggests any method for evaluating the shear capacity

of the wall with edge columns; and although the AIJ Code [26J considers

the shear capacity of the edge columns, it neglects the nominal permissible

shear stress carried by the concrete wall panel [30J. The ultimate shear

strength computed according to the AIJ Code becomes equal to that com-

puted according to the UBC; wherein:

V V + LV 1z w co

p f b 1 7 + 0.5 f' (p~ - 0.002)J (2.20)= + 2 x "8 bd[1.5 vn y \<1 C Y

where

f :s 42.5 ksi, as required by the AIJ Code when f > 42.5 ks i .y y

V 108 psi + 0.015 f' = 108 + 0.05 x 4000 168 psic c

= 105 + 2 x 26.5 = 158 kips

(compared with V 158 kips by the UBC)
u

(2.21)

*This value is ten percent smaller than the actual strenqth of the specimen
(248 kips, Table 3).
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The test results discussed in Chapter 5 also show that the slabs

offered considerable constraint to the opening of the diagonal cracks

which passed through them. These results indicate that the presence of

slabs also increased the shear strength of the wall specimen. However,

this factor was not considered in computing the shear strength of the

wall specimen.

It is clear from the above discussion that the actual shear strength

of the wall specimen is difficult to estimate. Therefore, until more data

on the shear capacity of a framec wall become available, it is advisable

at present to estimate the ultimate shear strength of the wall according

to UBC provisions, since it results in a conservative value.

2.5 FABRICATION OF SPECIMENS

In order to simulate the construction procedure in the field, the

specimens were cast story by story in their vertical position. As illus

trated in Fig. 2.8, the steel cage Tor the edge columns and the wall panel

up to the second story was ready at the time that the footing was cast.

Three days after each casting, the formwork for the next story was placed.

The period between each casting ranged from eight to thirteen days.

Figure 2.9 shows the arrangement of the slab reinforcement and Fig. 2.10

shows the formwork for casting the second story.

Following this procedure, the specimens had three construction joints.

These construction joints did not influence the strength or failure mode

of the specimen during testing. Jnlike actual construction, however, these

specimens had no vertical bar splices in their vertical reinforcement.

This discrepancy was considered to be acceptable since the splices in

actual structures are always located in the second story or above, which

is away from the most critical region of the wall, the first story.
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Specimens SW 1 and SW 2 were cast simultaneously to have a similar

quality of concrete in order that their performance under different loading

programs might be compared. Although the concrete strength of Specimen

SW 2 was higher than that of SW 1 due to the age effect, this difference

is very small and can be neglected (Table 2).

During casting, the concrete was compacted with a high frequency

vibrator and cured by covering it with wet sacks under a plastic cover

for one week. The forms of the lower stories were not removed until

fabrication of the entire specimen was completed.

Ten days after the final casting the forms were stripped and the

specimen was transferred from its cast position to its horizontal test

position by a pick-up frame. Figure 2.11 shows the specimen with its

pick-up frame during transfer. The specimen was then tied to reaction

blocks by means of 20 l-3/8-inch diameter prestressing rods in the long

itudinal direction and by four 1-3/8-inch diameter rods in the horizontal

direction. Each of these rods was prestressed to 12n kips.

2.6 REPAIR OF SPECIMENS

2.6.1 Specimen SW

After testing of Specimen SW 1, most of the damage was concentrated

in the first story. As shown in Fig. 2.12, buckling of the wall rein

forcement and spalling of the entire concrete cover of the left edge column

occurred. The concrete inside the confined core of the column remained

in good condition. After removing all the loose concrete pieces, new

concrete was cast conforming to the initial dimensions of the specimen.

The compressive strength of the recast concrete at the time of testing was

3270 psi. Except for the narrow cracks in the columns of the third story,

all flexural cracks in the columns and diagonal cracks in the wall panels



were injected with epoxy. Figure 2.13 shows the specimen during epoxy

repair. After repair, Specimen SW 1 was denoted as Specimen SW 1R.

During repair, little attention was paid to the buckled wall rein

forcement. Because it was only partially straightened before recasting,

premature buckling of the wall reinforcement occurred during the test

of Specimen SW lR.

2.6.2 Specimen SW 2

The condition of Specimen SW 2 before repair was similar to that of

Specimen SW 1. Figure 2.14 shows the crushed zone of SW 2 after removal

of the loose concrete pieces. From the experience with Specimen SW 1,

it was attempted to strai9hten all of the buckled reinforcement. The

buckled vertical and horizontal reinforcement bars that could not be

straightened were cut and welded with new rebars. In addition, new

horizontal reinforcement bars were placed across the crushed band between

every two original horizontal reinforcement bars. In this way, the

horizontal wall reinforcement in the crushed band was doubled. Further,

the two layers of the wall reinforcement mesh were tied together every

two intersections by a transverse hook, as shown in Fig. 2.15. This

figure also shows the condition of the reinforcement in the crushed

zone after repair. New concrete was cast in this zone and its compressive

strength on the day of testing wetS 4800 psi.

The cracks in this specimen \llere not injected with epoxy. The pre

sence of these cracks reduced the initial stiffness of the specimen but

did not noticeably affect the enErgy dissipation capacity of the specimen.

The behavior of the cracked reinforced concrete flexural member after the

cracks on the compression side closed is similar to that of an initially

uncracked member and most of the internal energy is dissipated through

21
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the plastic deformation of the longitudinal reinforcement. Therefore,

sufficient information regarding the inelastic behavior of the repaired

specimen can be obtained whether or not its cracks are injected with

epoxy. In the case of the real structure, not only the safety but the

serviceability must be considered. Thus, cracks should also be repaired

to improve serviceability conditions.

2.6.3 Alternate Method of Repair

Since failure of the specimens was primarily due to the crushing of

their first story wall panels, the performance of the specimens can be

improved by repairing the crushed panels. One method would be to put

two new layers of reinforcement on the outside of the original wall

panel in the first story and then to increase the thickness of that

panel. Ideally, all original concrete, crushed or uncrushed, should

be removed and replaced by new concrete. If this is not done, the

surface of the original concrete must be treated such that good bond

can develop between the original and recast concrete. As will be dis

cussed in Chapter 5, a nominal unit shear stress of 11.3/f' had beenc

reached at the time of crushing of the wall panel. Increasing the

thickness of the wall would greatly reduce the nominal unit shear

stress, and, consequently, improve the overall performance of the

specimen.
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3. LOADING CONDITION OF WALL SPECIMENS

3.1 GENERAL REMARKS

As discussed in Sect. 2.2, the framed wall prototype was designed

for the UBC specified critical load combination of gravity loads and

lateral forces shown in Fig. 2.3. Unfortunately, this loading combination

does not simulate the actual loading condition of the framed wall under

seismic excitations. As specified by the UBC, the influence of frames

and higher modes of vibration are not properly considered in the distribu

tion of the required total base shear. An attempt to find a more realistic

and more critical loading condition for the wall when the whole building

is subjected to severe seismic excitations has been made and the results

are reported herein. The possibility of simplifying the complicated loading

condition for implementation in the available testing facility was also

studied. All the elastic static analyses and the elastic response spectrum

analyses made for the study descr'becl in this chapter were carried out by

using the TABS computer program [24J.

3.2 SEISMIC FORCES

The seismic inertial forces are generated by the vertical and horizontal

ground movements and induced througtl the mass of the structure. The vertical

ground movements will not be cons'dered in this investigation. The reasorl

for this is twofold. First, the axial forces generated by the vertical

ground accelerations do nat significantly affect the moment-axial force

relationship of the wall. (This relationship will be discussed in more

detail in Sect. 3.6.) Seco~d, the peaks of the structural response to the

vertical ground accelerations do not necessarily coincide with the peaks

of the response to the horizontal ground accelerations. Consequently,
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the axial force applied on the wall specimen corresponds with the unfac

tored dead and live loads, and remains constant throughout the tests.

The lateral forces acting on the wall are due to the inertial forces

induced in the mass of the building by the horizontal ground movements.

These forces are transferred to the wall through the diaphragm (slab) of

the building, and a small amount is distributed along the height of the

wall according to its own mass. Because the mass of the wall is relatively

small compared to the mass of the entire building, the distributed inertial

forces were not considered during the tests.

3.3 SIMULATION OF SEISMIC FORCES

Figure 3.l(1)(a) shows the free-body diagram of the lower portion of

the prototype wall loaded as shown in Fig. 2.3(a). The total axial force

or gravity load (1760 k) at the base can be replaced by two axial loads

placed at the top of the edge columns of the third story wall [Fig. 3.l(1)(b)]

This type of axial force simulation differs from the actual one in that

it introduces an axial force which remains constant throughout the height

of the bottom three stories of the wall as well as induces some stress

concentration in the upper part of the third story of the wall. Since the

combination of applied forces - shear, axial and bending moment - in the

third story of the wall is far from inducing critical stresses to this

story, the stress concentration introduced by the simulated forces should

not affect the overall performance of the wall.

The top overturning moment of the third story wall was simulated by

a pair of axial forces, equal and opposite in sign, and applied at the edge

columns of the wall as shown in Fig. 3.1 (1) (b). As shown in Fig. 3.1 (1) (a),

much of the horizontal force acting on the top of the wall, 662 kips,

is the shear force transferred directly from the wall in the fourth story.



The remaining force of 42 kips is the inertial force generated by the mass

of the third floor and transferred to the wall through the slab of that

floor. In the model these forces were all transferred to the top of the

wall specimen by distributing them through a loading fixture along the

length on both sides of the six-inch thick slab adjoining the wall.

The details of this 10adin~J fixture will be discussed in Sect. 4.4.3.

3.4 SIMPLIFICATION OF LOADING CONDITION

3.4.1 Prototype

The loading condition shown in Fig. 3.1(1)(a) is too complicated to

be reproduced in the test. To reduce the number of jacks and controllers,

the two small inertial forces and the two small axial forces acting on the

first two floors of the wa"ll were applied on the top of the wall specimen.

The two small overturning moments acting on the first two floors were

neglected. The loading condition of the bottom three stories of the

prototype wall after simplHication is shown in Fig. 3.1 (1) (b). This

simplified loading attempts to simulate the state of internal forces on

the bottom section of the prototype wall subjected to the loads shown

in Fig. 3.1(1)(a). The bottom section is critical because of the manner

in which the walls have been designed. Figure 3.l(1)(b) also represents

the free-body diagram of the bottom three stories of the wall subjected

to the equivalent lateral force shown in Fig. 2.3(b). The difference

between the moment-shear diagrams in the bottom three stories of the proto-

type wall which resulted from the simplified loading compared with those

resulting from the actual loading [Figs. 2.3(c) and 2.3(d)], is negligible.

3.4.2 Model

Since the model is one-third scale, the force to be imposed on it

would be one-ninth of the corresp3nding force acting on the prototype.
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If the inertial force generated by the earthquake excitations were to be

reproduced, the mass of the model would have to be increased three times

in order to simulate the corresponding inertial force acting on the proto

type. However, it was not necessary to do so in this case because the

type of loading selected was pseudo-static as previously discussed. The

loading condition shown in Fig. 3.1(1)(c) is obtained by dividing the

forces and moment shown in Fig. 3.1(1)(b) by 9 and 27, respectively.

Since the specimens are to be loaded up to failure, it is necessary to

know the maximum forces expected when failure occurs in order to design

the testing facilities and to plan such tests. During the tests, the top

overturning moment and the lateral shear were increased proportionally

according to Fig. 3.1(1)(c). Because the flexural strength of the wall

specimen could control the failure, the base moment of the specimen should

be loaded until reaching its ultimate flexural capacity. The loading

condition at this ulti~ate state is referred to as the ultimate loading

condition and is shown in Fig. 3.1(1 )(d).

The estimated ultimate moment capacity of the wall (42,000 k-in.)

shown in Fig. 3.1(1)(d) was computed according to the actual strength of

the materials as discussed in Sect. 2.4.1. Since this value is 179 percent

of the moment capacity (23,500 k-in.) estimated according to the USC

provisions [Sect. 2.4.1, Eq.(2.16)], the maximum shear force that could

develop in the wall [160 kips, Fig. 3.1(1)(d)] corresponding to this moment

(42,000 k-in.) is 179 percent of the value (90 kips) corresponding to the

UBC ultimate moment (23,500 k-in.). The unexpected 79 percent of extra

shear force could result in the brittle shear failure of the wall.

The loading condition shown in this figure is not actually used in

the tests because the ratio between the shear and overturning moment
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given by the UBC is not realistic. The story shears specified by the UBC

are not equivalent to those that could occur during an actual earthquake.

Thus, the ultimate loading condition to be selected is the one among all

the realistically possible situations, which produces the most critical

load combination with respect to the stresses controlling the inelastic

behavior of the wall. The selection of this critical combination is dis-

cussed in the next section.

3.5 CRITICAL LOADING CONDITION OF WALL

3.5.1 Influence of Frames

The USC requires the loading condition of the wall to be checked when

the wall interacts with frames to resist the total lateral forces. This

loading condition, shown in Fig. 3.l(2)(a), is not the controlling condi-

tion because the presence of the frames helps the wall to resist the total

lateral forces. If the code specified lateral forces were the maximum

probable forces that could be developed during an actual earthquake, the

presence of the frames would be favorable to the walls. According to the

loading condition shown in Fig. 3.l(2)(b), however, from the point of

view of developing shear stresses for major earthquake excitations, the

restraint provided by the frames is unfavorable to the wall. The shear

*span of the wall is reduced to 2.5 under frame restraint. More specifically,

* The shear span of the wall under a particular loading condition is
defined as the fraction obtained by dividing the elevation at which the
equivalent lateral force corresponding to that loading condition is applied
[which is equal to 784 inches as shown in Fig. 2.3(b)J by the effective
depth of the wall; that is, 0.8 lw = 225.6 inches. The shear span of the
wall under the loading condition shown in Fig. 2.3(a) is 3.5.
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to reach the same amount of ultimate base moment, the base shear of the

':Jall specimen must increase by 39 percent as indicated by comparing the

values in Figs. 3.1(1)(d) and 3.1(2)(d). This significant increase in

shear could change the failure mode of the wall from ductile flexural

failure to brittle shear failure.

3.5.2 Influence of Higher Modes of Vibration

The results of the dynamic response spectrum analysis of the proto

type b~lding is shown in Figs. 3.1(3) and 3.1(4). The s~ectrum used

was the N-S component of the 1940 El Centro earthouake record, with five

percent critical damping. Using the fundamental mode alone [Fig. 3.1))],

the distribution of lateral forces specified by the UBC is equivalent

to the dynamic response spectrum analysis of the structure [32J.

Correspondingly, the ultimate loading conditions of the wall specimen shown

in Figs. 3.1(2)(d) and 3.1(3)(d) have similar values. If the influence

of the higher modes is included, there will be a tendency for the shear

span of the wall to further decrease. The results shown in Fig. 3.1(4)

'.:ere obtained by considering the square root of the sum of the square of

the resronse from the first three modes of the rrototYQe. In this case

the shear span of the wall would be equal to 2.30. For the same ultimate

moment, the shear force developed in Fig. 3.1(4)(d) is 52 percent hiqher

than that shown in Fig. 3.1(l)(d). Similar analysis l/fas done by using

the spectrum of the S-16°-E component of the derived Pacoima base rock

motion of the 1971 San Fernando earthquake. The results of this analysis

are shown in Fig. 3.1(5). The ultimate loading condition shown in Fig.

3.1(5)(d) is very close to that shown in Fig. 3.1(4)(d).



3.5.3 Summary

According to the discussions in Sects. 3.4.2, 3.5.1, and 3.5.2, the

actual shear force that can be developed in the wall could be considerably

higher than the unfactored UBC specified shear force. This is because the

amount of shear force that can be developed would be controlled by the

actual flexural strength of the wall, and affected by the interaction

between the walls and the frames and by the higher modes of vibration.

The different loading conditions are shown in Figs. 3.1(1) to 3.1(5).

The most critical loading condition is shown in Fig. 3.1(4); this was the

condition selected for use in the tests. Using this loading condition,

the shear force, 2187 kips (which is equal to 9 x 243 kips), that could

have developed in the prototype wall during ground accelerations of the

1940 El Centro earthquake is 4.03 times the unfactored USC force of 536

kips [1.0 x (E + torsion), Sect. 2.2J. Although the USC also specifies

a load factor of 2.8 in designinJ the shear strength of walls, this load

factor together with this code strength reduction factor, ¢, (2.8/0.85

3.3 < 4.08) is apparently not large enough to prevent the actual shear

that could be induced in the wall from exceeding the code designed wall

shear strength before it reaches its flexural strenqth and resulting

in shear failure.

Except for some advanced methods such as the nonlinear finite element

analysis technique, the shear strength of reinforced concrete members is

still estimated using empirical formulas. As discussed in Sect. 2.4.2,

these empirical formulas are not very accurate and usually result in con

servative values. More specifically, the actual shear capacity of the wall

may be larger than that estimated and as such, this larger value of shear
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capacity might prevent brittle shear failure from occurring. However,

because at present there is a lack of reliable test data, there is no

quarantee that walls designed according to USC specifications, despite

the higher specified load factor of 2.8 for shear design, will not undergo

brittle shear failure. Therefore, a more rational design method is necessary

3.6 N-M INTERACTION DIAGRAM OF THE WALL

The axial force-moment interaction of the wall specimen is controlled

by its shear strength and is determined according to the 1971 ACI Code

[25J.* The diagram of this interaction is indicated by solid lines in Fig.

2.7. The ¢ factor for the N-M curve above the NG line (since NG is approx

imately equal to 0.1 f~ Ag = 198 kips) is taken as 0.75, and that below

the NG line is increased linearly to 0.90 as the axial force decreases

from NG to zero [Sect. 2609(c).2.D of the USCJ. The MIV value used to
u u

determine the solid line of the shear strength versus axial force curve is

taken to be 262.5 inches, which corresponds to the M and V value shownu u

in Fig. 3.l(1)(d). The dashed line curves shown in Fig. 2.7 are computed

without considering the ¢ factor and are determined according to (1) the

actual stress-strain curve of the steel; (2) a more realistic maximum

usable strain of concrete, 0.0038; and (3) the actual strength of con-

crete, fc' = 5300 psi. The MIV value used in determining the dashed
u u

line of the shear strength versus axial force was 173 inches, which cor-

responds to the MIV value shown in Fig. 3.1(4)(d).
u u

As shown in Fig. 2.7, the actual strength of the wall specimen is

much higher than that computed using either the USC or ACI Code. This

figure also reveals the danger of shear failure because the dashed N-M

*In computing the shear strength,
and ACI Code is the value of Nu.
of the UBC, the value of Nu, when
buildings located in Seismic Zone
equivalent recommendation.

the only difference between the USC
According to Eq. (11-33) in Chap. 26
compressed, shall be taken as zero for
3. The ACI Code does not offer an



curve is outside the dashec shear strength curve for an axial force level

above 100 kips and below 1000 kips. The axial force at the balanced point

of the dashed curve, 1040 kips, is 5.3 times the axial force corresponding

to the unfactored gravity load of 195 kips rl.O x (D + L)J. Therefore,

even under a vertical ground acceleration as large as 0.5 g, the fact that

the total probable maximum axial force (195 + 0.5 x 195 = 293 kips) is

well below the balanced point, leads to the conclusion that the effect

of this force (293 kips) on the ductility of the specimen will be small.
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4. EXPERIMENTAL SETUP AND TESTING PROCEDURE

4.1 GENERAL SETUP

The experimental setup, including the wall specimen and the testing

facility is shown in Fig. 4.1. As shown in this figure, the specimen

is tested in a horizontal Dosition. The testing facility consists of

reaction blocks, loading devices, ancillary devices and instrumentation

using a data aquisition system. These are briefly described below.

4.2 REACTION BLOCKS

As shown in Fig. 4.1(a), the reaction blocks include reinforced

concrete blocks supporting the specimen and the axial jacks, as well as

a steel anchor box supporting the lateral loading jack. Except for

reinforced concrete blocks D and E, all the other reinforced concrete

blocks and the steel box were anchored to the tied-down slab of the labor

atory test floor by six two-inch diameter prestressing rods. Each rod

provides 300 kips of prestressed force. Reinforced concrete blocks Al,

D and A2 were laterally tied together by eight 1-3/8-inch diameter

prestressing rods with each rod providing 120 kips of prestressed force.

Reinforced concrete blocks 81, E and B2 were laterally tied in the same

:nanner except that reinforced concrete block C, designed to take the total

applied lateral force, was also attached to them by four 1-3/8-inch

diameter rods.

The forces acting on the reaction blocks were transferred to the test

floor through friction between these blocks and the floor. The frictional

design coefficient between them was assumed to be one-third. During the

test of Specimen SW 1, however, it was discovered that these blocks were

unable to supply the necessary reaction for testing up to failure of that



specimen. The main reason these reinforced concrete blocks failed to

sUDply sufficient reaction was that a tar paper had been placed on the

Floor slab when these blocks were being cast. This tar paper consisted

of two layers of paper with one layer of tar between them. The tar

layer acted like a lubricated lamina during the test ~nd reduced the

frictional coefficient between the reaction blocks and the floor to 0.02

3S proven by a series of friction tests carried out in the Structural

Laboratory at the University of California at Berkeley [33].

After the movement of the reinforced concrete blocks was dptected,

Blocks Al, D and A2 were temporarily supported by a steel reaction frame

which was tied to the test floor by eight two-inch diameter rods. Blocks

81, E and B2 were supported by on~-inch thick steel plates partially sur-

rounding them. These plates were tied to the test floor by eight two-

inch diameter and twelve 1-3/8-inch diameter prestres~ing rods. After

anchorage of the reinforced concrete blocks was improved, their movement

became considerably restrained during the remainder of the test. In the

future, it is planned to lift the blocks, remove the paper, and set the

blocks over a thin layer of hydrostone.

The performance of the steel anchorage box was excellent during the

tests because the base plate was set on a thin layer of hydrostone before

being anchored with short prestressed bolts to the tie-down slab.

4.3 LOADING DEVICES

4.3.1 Hydraulic Jacks

All the hydraulic jacks were double-acting, with a l4-inch bore

diameter and a seven-inch shaft diameter. The lateral loading jack is

of a rear trunnion mounting type. Its maximum loading capacity, push
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or pull, is 346 kips when operating at the maximum 3000 psi oil pressure

of the laboratory hydraulic system. This jack has a maximum stroke of

12 inches which was considered adequate for accommodating the maximum

expected lateral deformation capacity of the specimen. The force applied

by this jack is directly measured by a 350-kip capacity load cell connected

to one end of the hydraulic cylinder's shaft (Fig. 4.1).

The two axial loading jacks are identical. They are clevis mounted

and have a maximum stroke of ten inches. When operating at a hydraulic

pressure of a 3000 psi, they have a loading capacity of 460 kips when

acting in compression, and a 3d6-kip loading capacity when acting in

tension. The capacity of the load cells mounted on them is 460 kips.

4.3.2 Servo-Hydraulic Controlling System

Each of the hydraulic jacks was operated by an electrically controlled

16-10 DYVAL servo-valve. The force generated by each jack was measured

by a load cell attached to it as shown in Fig. 4.2. Each of the servo

valves was controlled by an MTS 406.11 controller. The basic systems

using MTS 406.11 controllers are also shown in this figure.

The electrical output from the load cell measuring lateral force

and from the linear potentiometer measuring lateral displacement of

the specimen at the level of the third floor is used as input to the

transducer conditioners of controller A, Fig. 4.2. The signal from these

two conditioners is then transferred to the feedback selector. The feed

back selector then determines whether signals from either one of the two

conditioners or a signal from an external transducer conditioner will then

be used as input to the servo-controller. In this manner, the lateral

loading jack could be operated under load or displacement control. The



signal of the transducer conditioner of controller A, which is connected

to the load cell of the lateral loading jack, is also used as the program

input to controllers Band C, (Fi~. 4.2).

During the tests, two 97.5-kip forces simulating the gravity load

are first applied to the specimen by manually operating controllers B

and C of the two axial loading jacks. By adjusting the input amplitude

in controllers Band C to set thE~ ratio between the lateral force and the

additional axial forces, the whole loading system is automatically controlled

by an input function to controllE?r A. At present, this controller is

manually operated.

The output of linear potentiometer 63 (Fig. 4.2) is continuously

plotted by the V-channel of an X-V recorder. The output of the load cell

of the two axial loading jacks is plotted by the Y- and Y'-channels of an

X-V-V' recorder. The output signal of the lateral loading jack load cell

is used to drive the X-channel 0·: all X-V and X-V-V' recorders (Fig. 4.2).

4.4 ANCILLARY DEVICES

4.4.1 Actuator Supporting Device

According to the arrangemen·~ of the loading system selected (Fig. 4.1),

as long as the shafts of the actuators are not connected to the specimen,

they will remain hanging as cantilevers from their supports at the reaction

blocks. Because of their large weight, it was necessary to support these

shafts on auxiliary frames, Fig. 4.3. By sliding on teflon pads attached

to these frames, the actuators can be rotated around their pin-connections

at the reaction blocks. This enables the actuators to be displaced from

their testing position, thereby facilitating installation and removal

of the specimens.
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4.4.2 Deformation Guidance Device

The flexural stiffness of the specimen is relatively small about

its weak axis. If the specimen is not supported somewhere along its length,

the bending moment due to its own weight and the weight of the transfer

ring devices attached to it will produce flexural cracks at the face of

the footing. It is therefore convenient to support the specimen along

the edge of its slabs, as indicated in Fig. 4.4. To minimize friction,

special steel plates are anchored to the edge of the slabs. These plates

slide on teflon pads attached to the slabs.

Because high axial force is applied on the specimen, there is the

danger that the specimen will become unstable and start to deform upward.

Special holding-down devices were therefore added to prevent such upward

movement of the specimen. These devices are shown in Fig. 4.4.

4.4.3 Transfer Loading Device

In order to have a uniform distribution of the applied lateral shear

force on the top of the specimen, this shear force was transferred to the

specimen through a loading fixture as shown in Fig. 4.5. This loading

fixture consists of two pairs of 10 x 15.3 channels and a loading yoke.

The lateral shear was transferred from each pair of channels through ten

one-inch diameter bolts to the slab of the specimen. Because of the

relative axial stiffness between the channels and the slab, the shear stress

transferred to the slab near the loading yoke is initially higher than

that at the opposite end. However, when the slab was subjected to high

shear forces, the slabs cracked and this permitted more uniform distribution

of the shear stress. The forces simulating the gravity load and top over

turning moment were directly applied on the tip of the edge columns as



shown in Fig. 4.1.

4.5 SPECIMEN INSTRUMENTATION AND DATA AQUISITION SYSTEM

4.5.1 External Instrumentation

The schematic plan of the external instrumentation is shown in Figs.

4.6 and 4.7. This instrumentatior was designed to obtain data on lateral

displacement, curvature, shear distortion, and concrete strain, using

electrical and mechanical transducers, as well as photogrammetric readings.

4.5.1.1 Measurement of Lateral Displa~~~ent

The lateral displacement of the specimen at the mid-depth of each

floor was measured by three linear potentiometers marked as 63, 62 and 61

in Fig. 4.6. These measurements are based on the assumption that the slabs

and the walls between the edge columns are laterally inextensib1e so that

the lateral displacement measured at the left and the right sides of the

specimen have the same value. Although several hair cracks were found

in the slabs during the tests, it is believed that the amount of slab

extension is very small compared with the lateral displacement. As shown

in Fig. 4.8, another error introduced in the lateral displacement measure

ment was due to the axial deformation of the specimen. This error is also

negligible. For instance, at LP 131 or Specimen SW 1, the total extension

of the left column was 1.1 inches, which introduced an error of 0.013 inches

in the measurement of 63, This error was only 0.3 percent of the 63 value

at that load point.

Three dial gages were placed against the footing surface to measure

the lateral translation and the rotation of the footing, Fig. 4.6. All

gages have a total travel length of 0.5 inches. Although these three gages

were sufficient for defining the rigid body movement of the footing, the

value computed could be in error if this movement were large and the
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surfaces around the points, which the gages were in contact with, were

not well-defined (flat and smooth). As will be discussed in Sect. 5.2.1,

the movement of the reaction blocks was large at LP 90 of Specimen SW 1

due to the insufficient frictional force between the blocks and the tied

down slab. It is believed that large errors were involved in computing

the rigid body movement of the specimen at this load point.

4.5.1.2 Measurement of Curvature

The variation of the curvature throughout the height of the specimen

was studied by dividing the height of the wall in seven consecutive regions

and determining the average curvature in each region. The average curva

ture in each region was determined by measuring the relative rotation

between the two sections bounding each region. This was accomplished by

a pair of clip gages mounted near the centerline of the edge columns (Fig.

4.6). The small dots shown in this figure represent the steel pins embedded

inside the concrete. The deformation measured between two adjacent pins

divided by the original distance between these two pins gives the average

concrete strain between them.

In order to install clip gages K 1 and K 11 (Fig. 4.6), the measure

ment of the first regional curvature was begun one inch away from the face

of the footing. As shown in the lower corner of Fig. 4.6, the lower end

of clip gage K 11 was mounted on the pin embedded inside the column, one

inch away from the footing. The lower end of clip gage C 11 was attached

to the surface of the footing. Therefore, the difference between the

readings in gages K 11 and C 11 primarily represents the width of the

crack along the footing, which is largely the result of the slippage of

the reinforcement anchored inside the footing. This type of deformation

is referred to as the fixed-end rotation of the specimen, 8F.
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According to the nonlinear finite element analysis of the bond study

reported in Ref. 34, the concrete in the anchorage zone surrounding the

deformed reinforcing bar tends to form inclined ring cracks and deforms

together with the bar. In the tests, the reference surface of the fixed

end rotation measurement, the footing surface, was deformed in the same

direction as the slippage of the reinforcing bar, introducing an error

into the measurement of this slippage. As a result of this error, the

measured fixed-end rotation was smaller than the actual value, but the

difference is believed to be slight.

The axial deformation and the tip rotation of the specimen can be

measured either by linear potent~ometers A 1 and A 2, or by summing the

clip gage readings from C 1, C 2 to C 7, and ell; and C 22 to C 77. Since

the lateral displacement of the specimen was larger than its axial deform

ation, however, an error was introduced, sometimes reaching 16 percent,

in the A 1 and A 2 readings. Therefore, the computation of the tip rota

tion of the specimen, 8T, is based on the clip gage readings.

4.5.1.3 Measurement of Shear Distortion

The average shear distortior of the wall panel in each story was

measured by a pair of linear potEntiometers placed diagonally across

from each other. The principle cf relating the measurement of the rela

tive movement of two diagonally oriented points to the average shear distor

tion is discussed in Ref. 12. Data on the shear distortion of the wall

panel in the third story was not available for Specimens SW 1 or SW lR.

The 45-degree oriented clip gages WD 1 and WD 2 shown in Fig. 4.7

were installed in Specimen SW 2 to measure the diagonal strain in the

lower corners of the first story wall panel. They were mounted on the
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pins embedded in the concrete wall panel. Two additional clip gages,

WD 3 and WD 4, were installed in Specimen SW 2R with their mounting bases

glued on the surface of the concrete.

4.5.1.4 Direct Measurement of Concrete Strain

Two rosette strain gages and three longitudinal strain gages were

attached to the surface of the concrete as shown in Fig. 4.7. Except for

gage CC 2, information could not be obtained from these gages because they

were broken by the cracks passing through them during the very early stages

of testing.

4.5.1.5 Photogrammetric Measurements

The upper surface of the specimen in its test position was marked

with a rectangular grid as shown in Fig. 4.9. This grid was used to obtain

the deformation pattern of this surface through a photogrammetric tech

nique. Two stretched wires, running completely independent of the specimen,

served as reference lines. Targets were attached at every intersection

of the grid lines and at several points along the reference lines to assist

with the subsequent data reduction. Supported by a rigid independent steel

frame, two cameras were fixed eleven feet above the specimen for taking

photographs (Fig. 4.1).

4.5.2 Internal Instrumentation

Several microdot strain gages were welded on the first story rein

forcement and on the part of this reinforcement embedded in the footing.

The exact location of these gages is shown in Fig. 4.10. These gages

permit: (1) determination of the first yielding of the specimen; (2) record

ing of the strain history of the reinforcement at some important location



so that the stress history of the reinforcement at that location can be

estimated and compared with predicted values, and that the effectiveness

of the respective reinforcement can be studied; and (3) studying the

anchorage effectiveness of the vertical reinforcement.

4.5.3 Data Acquisition System

For the most complete infor~ation, it would be ideal to record con

tinously the output from all transducers by X-V or X-Y-YI recorders.

However, only eight to ten Y- or YI-channels were available during the

tests. These channels were used to record the histories of the two axial

forces: lateral displacements, 53' 02 and 01; curvature, ¢l; shear dis

tortion, Yl and Y2; and strain readings, CL 1 and WS 4. Each X-channel

of these recorders was connected in series to the lateral load transducer

to have plots of each of these main parameters versus the lateral load.

The output from the rest of the transducers was read at selected stages

of the test directly through a low-speed data aquisition system, whose

heart is a NOVA minicomputer.

4.6 DETERMINATION OF TOTAL LATERAL LOAD

Due to the lateral movement of the specimen, the net axial force of

195 kips has a horizontal component, ~P, acting on the specimen, as shown

in Fig. 4.11. The distance between the hinge of the clevis mounted jack

and the hinge at the clevis attachment at the tip of the column is 83

inches when there is no axial deformation of the specimen. When the

specimen undergoes axial deformation, this distance varies between -0.6

inches and +1.8 inches. Because this variation has a small influence on

computing the corrected lateral loads so that the distance between those

two hinges is taken as a constant, 83 inches, the load correction, ~P,

can be computed according to the following equation:
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""P

For specimens tested,

+ = 195 kips

Hence,

""P = (4. 1)

where ""P is in kips and 63, the total lateral displacement of the specimen

at the level of the third floor, is in inches.

The corrected lateral force, PT, is equivalent to the total lateral

force or the total shear of the specimen, and can be computed as:

= p + ""p (4.2)

where P is the force applied by the lateral loading jack.

The maximum value of ""P at LP 158 of Specimen SW 1 is equal to 10.6

kips, or 4.5 percent of the P value at that load point.

The vertical component of the lateral force, P, due to the axial

deformation of the specimen is always less than 2 percent of the net axial

force. Since the response of the specimen is less sensitive to the small

variation of the net axial force, the vertical component due to the appli-

cation of force P was neglected.

4.7 TESTING PROCEDURE AND LOADING SEQUENCE

4.7.1 Testing Procedure

The first specimen, SW 1, was whitewashed before testing. For the

subsequent three experiments, the specimens were painted with a white,



water-soluble Latex paint. All cracks could be clearly observed on the

concrete surface using these kinds of surface treatment. A number was

assigned to each peak and zero lateral load of a loading cycle as well

as at several intermediate load points. These load points were used to

define the stage of loading so that the output from the transducers at

the same stage of loading could be referred to while presenting the test

results. Crack progress was monitored by marking them with colored pens

and labeling them with the corresponding load point numbers.

In the case of cyclic loading, the loading cycle with the same peak

lateral load or same peak lateral displacement was repeated three or four

times. At the peak of each loading reversal the lateral displacement was

kept constant for a short period of time to read the instruments, to mark

the cracks, and to take the photogrammetric readings. The same procedure

was followed at zero lateral load and at several intermediate load points.

The application of the third loading cycle with the same peak load or the

same peak displacement was usually done without interruption. For these

loading cycles, only the output of the transducers recorded by the X-V

and X-V-V' recorders were available.

4.7.2 Loading Sequence

The gravity load, 97.5 kips of compressive force per column, was first

gradually applied to the specimen. Since the controllers commanding the

axial loading jacks had to be manually operated while applying this gravity

axial force, it was difficult to apply simultaneously the forces on the

two jacks. Ten kips were first applied on one jack, and then 20 kips were

applied on the other jack. Then a 20-kip load increment was placed on the

first and the second jack in sequence; this was repeated until the load

in each jack finally reached 97.5 kips. In this manner, the difference
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between the load in these two jacks never exceeded 10 kips while the net

axial force was being applied. The top overturning moment produced by

this unequal force was always below 420 k-in. (10 kips x 42 inches), which

is equal to five percent of the flexural cracking moment of the specimen.

After the net axial force of 195 kips had been applied, the specimen

was loaded with the lateral force and the top overturning moment. The

lateral force was applied according to the loading programs shown in

Figs. 5.1 to 5.4, and the top overturning moment, MT, was varied linearly

with the lateral force, P. The ratio between MT and P was:

MT (in kips-in.) = 0.644 x P (in kips) x 84 in. (4.3)

where 0.644 is obtained from 238/370 [Sect. 3.5.3. Fig. 3.1(4)(c)], and

84 inches is the distance between the two axial loading jacks.
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5. EXPERIMENTAL RESULTS

5.1 LOADING STAGES

To plan effectively the loading program and the loading stages at

which readings of the low-speed scanner would be taken, it was necessary

to define the main limits of Lsefulness (cracking, serviceability,

yielding, etc.) of the specimen when loaded from zero up to collapse.

It was also necessary to compute the resistances (bending moment, shear

and axial forces) of the specimen expected at these limits of useful-

ness. According to the above resistances, the values of the controlling

loads (lateral shears) that wculd force the specimen to develop such

resistances were then computed. The definitions and theoretical computa-

tions of these loading stages are discussed in the following sections.

These computations are compared with the experimental values in Table 3.

The theoretical values were computed according to the actual material

properties, rather than the USC specified material properties. In this

case, the compressive strength of concrete, f~, is equal to 5.3 ksi; the

yield stress of reinforcement, f , is equal to 73 ksi (Table 2); and the
y

elastic modulus of concrete is equal to 2800 ksi (Fig. 2.4). (According

to the UBC, Ec = 57,0001~ = 57,000/4000 = 3,600,000 psi.)

The experimental values of the total lateral force, PT, correspond

ing to these loading stages are also indicated in Figs. 5.1 to 5.4.

Since the net axial force was kept constant throughout testing, and the

top overturning moment was linearly proportional to the lateral force, all

the external loads can be defined in function of the lateral force alone.

5.1.1 Flexural Cracking Load

The flexural cracking load is defined as the load which produced the

first flexural crack. Its theoretical value is computed by Eq. (9-5),
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Chap. 26 of the UBC. During testing, the apoearance of the first crack

~as visually noted while the 3pplied loads were gradually increased. As

soon as the crack appeared, the loads were temporarily held constant to

take the scanner readings and to mark the crack. The actual cracking

load is always less than the value reported because the crack must become

visible before it can be detected.

5.1.2 Flexure-Shear Cracking Load

The flexure-shear cracking load is defined as the load which produces

the first inclined crack resultin9 from the combined moment and shear.

=ts theoretical values (76 kips) were computed using Eq.(ll-ll), Chap. 26 of

the UBC. Although this equation has been derived for prestressed concrete

members, it is also applicable to reinforced concrete members subjected

to axial compression [29J. The same observation procedure reported in

Sect. 5.1.1 was used here; hence, the reported values are somewhat higher

than the actual values. The web shear cracking load of the specimen computed

using Eq.(11-12), Chap. 26 of the UBC, is 272 kips. This value was never

reached during the tests.

5.1.3 Working Load

According to Sect. 2608(j) of the UB~ under the working load the

tensile stress in the reinforcement shall not exceed the specified allow-

able stress of 24 ksi and the extreme concrete compressive strength shall

not exceed 0.45 ~I

'c' Although USC Section 2303 permits the allowable stresses

to be increased by one-third when considering wind and earthquake forces,

the primary concern in this investigation is to restrict the damage of

the specimen when the working load is applied. More specifically, the

specimen shall not have noticeable permanent deformation or excessive



cracks under service loads. By limiting the stress in the reinforcement

below 24 ksi, the number and size of flexural cracks can be checked.

By limitinq. the stress in the concrete below 0. 11 5 f', concrete will be. c

restricted to the elastic ranqe. For these reasons, the provision made

in Sect. 2303 of the URC was not considered.

In cases where the wall specimens were loaded as described in Sect.

3.5.3, the allowable tensile strE:SS of the reinforcement, 24 ksi, was the

con tro 11 i ng factor. ~ore specif-' ca lly, the st ress of the reinforcement

will reach 24 ksi before the extreme concrete compressive stress reaches

0.45 fl. The theoretical workinq loads, based on the allowable stress
c

in the reinforcement and in the concrete, were 87 kips and 121 ki[)s,

respectively (Table 3).

The measured working load controlled by the allowable stress in the

reinforcement was estimated using the average strain indicated by strain

gages CL 1 and CL 2. The corresponding load controlled by the allowable

stress in the concrete is indicated by concrete strain gage CC 2. The

locations of these gages are shown in Figs. 4.7 and 4.18.

5.1.4 Yield Load

The yield load is siqnificart in that it provides data for evaluating

the inelastic behavior of the wall. This includes, among others, computa-

tions of its ductility and plastic hinge rotation. For reinforced concrete

beams with one row of tensile reinforcement, the yield load can be clearly

defined as the lo~d that produces yielding of the reinforcement in that

row. When considering reinforcec concrete walls with distributed vertical

reinforcement, however, this definition is not necessarily applicable.

In this investigation, the wall speciMen had eight vertical rebars in
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the column. In this case, it would be unreasonable to define the yield

load as the first yielding since the latter applies to the yielding of

only one of the eight rebars. Because most of the tensile reinforcement

of the wall remains elastic when the first yield occurs at the most stressed

column bar, the sectional flexural stiffness of the wall, EI, will not

undergo much change. On the other hand, it is no more plausible to define

the yield load as that w~ich produces yielding of all vertical reinforce

~ent in tension. In the closely distributed vertical reinforcement of

the wall specimen there will always be some vertical tensile reinforce-

~ent near the neutral axis which will not yield even if the effective

E1 of the region were lowered considerably. To compromise between these

two extreme definitions, the yield load of the specimen was defined as

that which produces yielding of all vertical reinforcement in the tension

column of the specimen. Since 74 percent of the vertical reinforcement

is concentrated in its edge columns, this definition seems reasonable.

ilowever, values for first yielding of the steel are also offered in this

report.

The experimental determination of this yield load was based on the

reading of strain gage CL 2 (Fig. 4.10). When the strain measured by this

gage exceeded the yield strain, 0.0025 (Fig. 2.)), the specimen was

assumed to have yielded.

There were no abrupt changes in the slope of the PT-6 1R or Ml-¢l

diagrams at the yield load. This yield load corresponded to LP 79 in

Figs. 5.5 and 5.20 and to LP 35 in Figs. 5.7 and 5.29. These changes

were observed when about 25 percent of the vertical reinforcement of the

wall panel had yielded.
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j.l.5 Crushing of Column Concrp.te Cover

\Jhen the strain of the extreme compressive concrete fiber exceeds

the maximum usable strain of concrete, 0.0038 (Sect. 2.4.1), the corresJond

ing load will be defined as the column concrete cover crushing load.

The experimental determination of this load was based on the reading

of strain gage CC 2, attached to the concrete surface close to the extreme

comnressive corner. At LP 87 of Speci~en SW 1, the strain reading of this

gage was 0.00382. As the applied loads increased to LP 88, however, this

reading drooped to 0.0036. It continued to drop as the loads were increased.

Therefore, the col umn concrete cover must have crushed between LP 87 and

LP 88. Although no such gage had been installed in Soecimen SW 2R,

crushing of its column concrete cover could be visually observed just

before LP 31, and a sudden decl ine in strength could subsequently be

detected in the PT-8 3R diagram (Fig. 5.8). The average strain of the

col umn compression measured by cl'in gage C 22 at LP 30 of Soecimen SI.! 2R

was 0.0032. At LP 31, this value increased to 0.0061, thereby exceeding

the maximum usable strain of the concrete.

5.1.6 Crushinq of Wall Panel

There is no accurate theoretic31 value computed for this loading.

Although the shear capacity of the wall soecimen (223 kips) estimated

in Sect. 2.4.2 did not agree witr the measured crushing load of 248

kips, the difference is only about ten percent. The experimental value

can always be determined by observing the sudden drop in strength which

Jccurs immediately after the wall panel crushes. After examining the

experimental data of Specimen SW 1, it was found that crushing of the

wall panel was primarily due to the shear stress. To detect the stress
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flow, several 45-degree oriented clip gages were installed on Specimens

~w 2 and SW 2R in the regions where crushinq had been observed. The results

af these findings will be discussed in Sects. 5.5 and 6.2.1.

5.2 GENERAL BEHAVIOR AND FAILURE MODE OF SPECIMENS

Most of the experimental results are presented as the hysteretic

loops sh011n in Figs. 5.5-5.101. The significance of these loops will be

discussed in Sects. 5.3 to 5.11. Only the general behavior and failure

mode of the specimens observed during the tests as well 3S some im)ortant

2xoerimental results will be reported in this section.

5.2.1 Specimen SW 1

The testing orogram for this specimen was planned such that after

several loading reversals under the working load level, it would be mono

tonically loaded up to incipient failure. Unfortunately, the program

,cas interrupted three times during testing. At LP 52 (Fig. 5.1), the

~mDlifier of the ~1TS 406.11 controller which commands the movement of the

south axial loadin9 jack broke down unex~ectedly and the jack Dlaced ~

com~ressive f0rce of aaproximately 250 kips on the south column of the

s~ecimen. (The correct force should be 151 kips in compression.) In the

~eantime, the reaction blocks holding the axial loading jacks were found

to have rotated and the maximum movement of the south corner of these

blocks was 1/2 inch. The test had to be halted to repair the amplifier

of the MTS controller and to restrain the reaction blocks from movement.

Fortunately, this sDecimen was not significantly damaged by this accident.

~he maximum strain in the reinforcement recorded at LP 52 when the accident

occurred was below two-thirds of the yield strain. At LP 54, after all

2xternal loads were released, only very small residual external displacements



and internal strains could be detected.

At LP 80, just after yeilding, there were some difficulties in the

automatic control system and the specimen was unloaded. The specimen

was then monotonically reloaded up to LP 90, with a displacement ductility

of four, at which time the rigid body translation and rotation of the

reaction blocks supporting the specimen became significant. The tip

lateral displacement of the specimen due to the rigid body movement of

the support was 1.26 inches, about 32 percent of its 3.89-inch total

lateral displacement. This rigid body movement increased even under

constant applied external loads. It was therefore decided to unload

the specimen and reload it in the opposite sense up to a displacement

reversal great enough to ensure that after unloading, it reached a posi

tion close to that of the original, that is, zero lateral displacement.

After improving the anchorage restraint of the reaction blocks, the

specimen was subjected to a series of cycles of full displacement reversals

in the working load range. Considerable initial stiffness deterioration

was observed. It was then monotonically loaded up to LP 158 where a

significant reduction in strength due to crushing of the concrete in

the wall was observed, with a 63R 4.25 inches (Fig. 5.5). At this

point, the specimen was unloaded to avoid further serious damage. After

unloading, a few cycles of full reversals at working load level were

applied, resulting in very stable hysteretic loops. The specimen was

then loaded in the opposite direction up to 63R = 1.9 inches, and then

unloaded. This loading reversal further induced damage to the specimen,

as can be seen from the unstable hysteretic behavior that resulted when

the specimen was finally subjected to loading cycles in the working

load range. The photos of Fig. 5.102 illustrate the damages induced
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at the first story of this specimen at different stages of the test.

Reqarding the overall behavior of this wall, the following observations

can be made.

(1) The envelope from LP 0 to LP 158 of Fig. 5.5 may be considered

to re~resent the behavior of the wall under a monotonically increasing

load. This will be discussed in greater detail in Sect. 6.1.

(2) The overall behavior up to near crushing of the wall oane1

was essentially that eXJected from a ductile flexural member.

(3) At first yielding, flexural cracks in the tension column and diag-

onal cracks in the wall panel traversed the entire length of the specimen.

~ll these cracks were uniformly and closely snaced at about three inches,

and the diagonal cracks were inclined at approximately 45 deqrees [Fig.

S.102(a)]. The spacing between the cracks was relatively small compared

to the overall dimension of the s~ecimen; consequently, much energy can

be dissipated by the internal friction between numerous cracks. This

can be demonstrated by the high damping ratio (nine percent) obtained

*from the free vibration test of Specimen SW 2 (Sect. 5.11).

(4) Som2 of the diagonal cracks which formed in the wall panel of

the second and third story of the sJecimen penetrated through the slabs

Jnd extended to the wall panel of the lower storY. However, the slab

offered tremendous restraint, Qreventing large cracks from developing.

(5) The first flexural crack aDpeared near the bottom of the tension

column, while the first diagonal crack appeared in the first story near

* During the free vibration tests the amplitude of vibration was relatively
small, and the axial force was not a~Dlied. The results obtained from
such tests can therefore be used only as quidelines.



the upper right corner of the wall panel.

(6) The biggest flexural crack appeared at the bottom of the tension

column and was 5/16-inches wide at LP 158.

(7) The column concrete cover was crushed in a progressive manner.

No sudden drop in strength could be observed during this process.

(8) At LP 158, the first story wall panel crushed at the lower

left corner. Immediately after crushing, the wall reinforcement in the

crushed zone buckled in both directions. The direction in which the wall

reinforcement first buckled was not observed. Buckling of the horizontal

*reinforcement tends to propagate along its length after the load was

applied in the opposite sense. At LP 181, the lower right corner

of the wall panel also crushed. Finally, a crushed horizontal band across

the whole width of the wall panel was formed at LP 186. The width of

this crushed band ranged from eight inches near the center to 16 inches

near the two ends [Fig. 2.12 and 5.102(e)]. The manner in which crushing

Jf the wall panel occurred will b2 analyzed in Sect. 6.2.

Part of the important test data regarding the strength and ductility

of the specimen are summarized below.

(1) The measured yield load (as defined in Sect. 5.1.4) was PT = 190

kips and the corresponding yield displacement was 83R 0.7 inches. The

latter is defined as being equivalent to a displacement ductility of one.

(2) The maximum load obtainej in the test was PT = 248 kips and the

* At LP 180, the crushed zone at the lower left corner was horizontally
extended to the right corner, exactlv at the location of the third
horizontal wall reinforcement from t'he bottom section [Fig. 5.l02(d)].
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corresponding displacement was 03R = 4.25 inches, which is equivalent to

a displacement ductility of 6.1 (Sect. 6.5 and Table 4). At this load, the

*nominal unit shear stress was 11.31fT (f' = 5300 psi, the actual concretec c

strength), that is, about 2.6 times the value (51fT, f' = 4000 psi, thec c

design concrete strength) expected according to the UBC design force, 1.4 E.

(3) The maximum plastic hinge rotation was 0.0207 radians (Sect. 6.5

and Table 4). This inelastic rotation was due to yielding of the tensile

column steel. This steel yielded along a length of about 62 inches, that

is, close to 83 percent of the effective depth of the specimen, 75.2 inches.

When the plastic hinge rotation due to yielding of the steel that was

embedded in the foundation was included, the total plastic hinge rotation

reached a maximum value of 0.0226 radians.

5.2.2 Specimen SW lR

The loading program of this specimen is shown in Fig. 5.2. As this

was a repaired specimen, many strain gages damaged during the previous

test of the original specimen could not be replaced. Therefore, informa-

tion obtained from this test was less than that obtained during testing

of Specimen SW 1. However, several general observations were made during

testing and these are as follows.

(1) Because some cracks were too narrow to be injected with epoxy,

the average initial stiffness of this specimen up to the working load (PT =

90 kips) was about 60 percent of that of Specimen SW 1. However, no pinched

shape hysteretic loops could be detected in the first few working load cycles

(2) Some of the original cracks repaired by epoxy re-opened; other

*The nominal shear stress is equal to V/0.8(lw)bw' where lw is the hori-
zontal length of the wall, and bw is the thickness of the wall panel.
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cracks newly developed between the old repaired cracks.

(3) Si nce roost of the vert" ca 1 rei nforcement had been loaded into

the strain-hardening region, no obvious yield point could be found either

in the PT-6
3R

or the M-¢ diagrams.

(4) The initiation of wall panel crushing could be observed at LP 40

(Fig. 5.6). (As mentioned beforE!, the buckled wall reinforcement was not

straightened out during the repa'r of this specimen.i At LP 34. the

vertical wall reinforcement near the tension column yielded and the newly

cast concrete was seriously cracked in this region. Furtherroore, the

tensile force in the wall reinforcement where these rebars were bent inwards

generated an outward force. Thi s component forced the concrete cover

to spall (Fig. 5.103). The cracked concrete cover of the newly cast wall

panel near the tension column was severely damaged at LP 34 as a result

of these outward forces. l'Jhen the wall reinforcements in this region was

subjected to high compression at LP 40, they buckled as a result of the

reduction in restraining force provided by the concrete cover. This reduc

~ion was attributed to the damage incurred in the previous peak loading

(LP 34). The crushed band across the whole cross-section of the wall panel

(Fig. 5.104) was almost exactly the same as that of Soecimen SW 1 (Fig. 2.12).

This band was formed before LP 4~).

(5) Splitting of the entire concrete cover of the edge columns

adjacent to the crushed band was observed before LP 48. leaving only the

confined core to resist the shear and axial forces.

(6) Loading reversals cont'nued after formation of the crushed horizontal

band. During these reversals, most of the lateral deformations were due to

the concentrated relative deformctions at this band. The part of the specimen
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above the crushed regi on of the wall underwent a ri gi d body deformati on.

(7) The spirals of the compression column ruptured following LP 72.

The lateral resisting strength of the specimen suddenly dropped to one

half of its strength before rupture occurred. However, the specimen was

still capable of resisting the axial load. Not until the spirals of the

other column broke at LP 78, after the lateral load reversed, did the

specimen become unstable under the axial load. Crushing of the confined

cores could then be easily observed.

The steel of the spirals was more brittle than that of other reinforce

~lents used in the specimen. As shown in Fig. 2.5, the stress-strain curve

of the spiral did not have a yield plateau and its ultimate strain was

smaller than that of the others. If more ductile spirals had been used,

complete failure of the specimen might have been delayed.

(8) No buckling of the vertical column reinforcement was detected

prior to the rupture of the spirals.

Some of the more significant test data include the following.

(1) The maximum load obtained in the test was PT = 220.4 kips, and

the corresponding displacement was 03R = 1.4 inches, which is equivalent

to a di sp 1acement ducti 1ity of two. Generally speaki nq, the performance

of this specimen was poor because of the relatively low value of ductility

reached. The strength of the specimen, however, was able to reach 88.5

percent of the maximum load of Specimen SW 1.

(2) The maximum plastic hinge rotation was 0.0045, less than one

quarter the value of Specimen SW 1.

5.2.3 Specimen SW 2

As illustrated in Fig. 5.3, this specimen was tested under repeated

reversals of lateral load and corresponding overturning moment, 'i!here



the peak value of the load and/or displacement was gradually increased

after three or four cycles at the same value. Under shear, this kind

of excitation is critical because the stiffness and the strength of the

specimen in resisting shear deteriorated under each loading reversal in

the inelastic range, as shown in the V-Yl diagram of Fig. 5.43. Several

general observations of the test and a com~arison between the general

behavior of this speciMen and that of Specimen Sl.'f 1 are discussed in

the fo 11 ovd ng.

(1) The crack pattern, the spacing between the cracks, and the first

appearance of flexural and diagonal cracks, is similar to that of

Specimen SI'/ 1 (Sect. 5.2.1).

(2) The largest flexural crack a~peared at the bottom of the tension

column and was 5/16-inches wide at LP 124. At this load point, the width

of other large flexural cracks i~ the first story tension column ranged

from 1/16-inch to 5/32 inch. The largest diagonal crack in the first

story wall ~anel was 3/32-inches wide. The width of the cracks in the

second and third stories of the specimen never exceeded 1/16 inch.

(3) Exceot for the flexural crack runnin0 along the face of the

footing, no other horizontal crack opened u~ across the cross section of

the s!ecimen. This observation differed from that noted in tests on full

size reinforced concrete cantilever beams under a similar loading ~rogram

[12,13J. In those tests, several cracks nearly perpendicular to the axis

of the beam were observed across the whole beam cross-s2ction.

(4) Each time the absolute value of the peak deformation of a hyster

etic loop was increased, there was a degradation in the initial stiffness

and energy dissinated during the following cycle, as comnared with the
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values in the previous cycle.

(5) Althouqh the mechanism of failure was not significantly affected,

crushing of the concrete at the wall corner and buckling of the wall

reinforcement were accelerated by repeated cycles of reversed defor

mation. No crushing of column concrete cover was observed until the wall

concrete crushed. The entire column cover split due to dowel action after

the wall concrete crushed. (The column was subjected to dowel action

in the band wherein the wall concrete had crushed and the wall reinforcing

';ars had buckled.) During the reversal after the lower left corner

of the wall crushed (LP 129), the concrete in the lower right corner

also started to crush (L~ 133). During t~e next cycle of reversals, the

concrete crushed and spalled along a band extending horizontally t~rough

the wall about ten inches from the footing [Fig. 5.10SCc)J. At this stage,

nearly nll the shear was resisted by the dowel action offered by the con

fined core of the edge columns which began acting as short columns of a

frame, Fig. 5.106.

(6) Although testing of S?ecimens SW 1 and SW 2 were stopped after

a considerable decrease in lateral resistance, both soecimens were capable

{)f resisting the effect of gravity loads because their edge columns did

not undergo failure.

Some important test data are summarized below and compared 11ith those

obtained for Specimen SW 1.

(1) The measured yield load was 202 ki~s. This value is 12 kips

higher than that of SW 1, ~robably due to the higher concrete strength

~~ this s~ecimen (Table 2) and the fewer workin~ load cycles it had under

gone before yielding (Figs. 5.1 and 5.3). The corresponding yield dis

placement of this s~ecimen was 03R = 0.7 inches, exactly the same as that

of SW 1.
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(2) The maximum load obtained in the test was PT = 245 kips. slightly

less than that of S\,J 1 s 248 kips. Its maximum lateral displacement before

a significant drop in strength occurred was 83R = 2.9~ inches. corresponding

to a displacement ductility of 4,2. This value is about 70 percent of that

for SW 1.

(3) The maximum plastic hinge rotation was 0.0125 radians. about

60 percent of that for SW 1. If the plastic hinge rotation due to yielding

of the reinforcement inside the anchorage zone were included. this value

would increase to 0.0142 radians. about 63 percent of that obtained for SW 1.

5.2.4 Specimen SW 2R

This specimen was tested under a loadinC) oroqrarl similar to that

used for Specimen St~ 1 (Fig. 5.4;. Instead of unloading and reloading in

the opposite sense after incipient failure. however. this specimen was

continuously loaded in the same direction until complete failure. Several

general observations were made during the test. The most significant of

these follow.

(1) As discussed in Sect. 2.6.2. this specimen was not repaired with

epoxy. As expected. the initial stiffness of this soecimen was about

one-sixth of that observed in the uhcracked specimen. A pronounced pinch

ing shaoe of the hysteretic loops could be observed during the first few

working load cycles.

(2) The column concrete cover crushed just prior to LP 31. when

PT = 200 kips and 83R = 1.6 inchEs. Nearly all the new concrete cover

of the compression column spalled simultaneously and a noticeable drop

in strength was observed in the PT-83R rliagram (Fig. 5.8). Comoared with

St~ 1, whose concrete cover gradually crushed at PT = 235 kips and 03R = 2.1

inches, the concrete cover of this reoairerl specimen crushed relatively
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early as well as suddenly.

(3) Unlike the other three specimens, the crushed band of this

specimen did not widen at both ends (Fig. 5.107). The double curvature

deformation shape of the edge columns was restricted to a small length of

about ten inches. This length should be compared with the length for the

other three specimens, which ranged from 16 inches to 22 inches. Since

the diameter of the confined core of the edge column was nine inches, the

shear span of the confined core was less than one when deformed in a

double curvature shape. [The effective depth of the core, d = 0.8 Ow

= 0.8 x 9 = 7.2 inches; hence, the shear span is (10 ~ 2) ~ 7.2 = 0.69

< 1.0.J. When the columns were deformed in this shape, no significant

increase in the overall ductility of the specimen could be achieved.

(4) The rupture of the spirals near the base of the compression

column was due to the combination of shear stress concentrated at that

region and the radial expansion of the confined column core due to the

axial compressive stress. At the time the spirals ruptured (LP 35,

SW 2R), the estimated shear stress acting on the column core was very

high (approximately 1100 psi). Affected by this high shear stress, the

spirals ruptured along an inclined line with respect to the longitudinal

axis (Fig. 5.108).

Several important test data are summarized below and compared with

those of Specimens SW 1 and SW 2.

(1) The maximum load obtained in the test was PT = 231.7 kips,

which is equal to 93 percent of that for SW 1. The maximum lateral dis

placement before crushing of the wall panel was 03R = 3.3 inches, which

is equivalent to a displacement ductility of 4.7. This value is 78 per

cent of that for SW 1, and is 112 percent of that for SW 2.
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(2) The maximum plastic hinge rotation was 0.0166, 80 percent of

that for SW 1, and 133 percent of that for SW 2. If the inelastic fixed

end rotation were included, this value would increase to 0.0186, which

is 82 percent of that for SW 1 and 131 percent of that for SW 2.

5.3 LATERAL LOAD-RELATIVE LATERJ~L DISPLACEMENT DIAGRAMS

The relative lateral displacements measured at each floor level are

denoted as 03R' 02R' and 0lR' These terms refer to the displacement

with respect to the footing of the specimen. To be more specific, the

lateral displacement caused by the rigid body translation and rotation

of the footing has been excluded. As illustrated in Fig. 4.6, the rigid

body translation and rotation of the footing were measured by three dial

gages. After the reaction blocks were restrained by the addition of

steel plates, the contribution O-F rigid body movements to the lateral

displacement was lessened and was approximately proportional to the

applied loads. The component of the third floor lateral displacement,

which was the result of a maximurl rigid body movement, was equal to

0.099 inches. This maximum rigid body movement occurred at LP 157 of

Specimen SW 1; the value of 0.099 inches is about 2.5 percent of the

total lateral displacement at that load point.

The PT - 03R diagrams are shown in Figs. 5.5 through 5.8. The

careful observation of these continuously recorded diagrams enabled

selection of the appropriate loading stages at which the discrete low

speed scanner readings were to be taken and also permitted changes in

the preselected loading programs of the specimens. The PT - 02R and

PT - 0lR diagrams are shown in Figs. 5.9 through 5.15. The displacement

scale of the PT - 03R and PT - 0lR diagrams of Specimen SW lR is smaller

than that of the others.
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The displacement ductility factor'~6' unless otherwise specified,

is defined as 63R/o 3y , where 63y is the value of 63R at the first yield

load. In defining the total lateral displacement ductility, it is neces

sary to specify clearly the location at which the deformation is measured

because lateral displacements measured at different locations will lead

to different ductility factors. For example, Figs. 5.94 to 5.93 show

that at the same load point, the value of aiR/DiY gradually decreased

as the i was increased from 1 to 3. Because the specimens were modeled

for the lower portion of a ten-story wall, it is believed that the value

of o'OR/o,OY' if it existed, would be smaller than the obtained value of

63R/6 3y ' That is, if the test specimen consisted of ten stories rather

than three, the ductility factor obtained in the test would be lower.

Since the inelastic deformations were concentrated at the bottom two stories

of the specimens, however, the energy dissipation, as well as the plastic

hinge rotation, capacities of the specimens obtained in the tests would

be the same whether the specimen consisted of ten or three stories.

The stiffness of the specimen against lateral movement is defined

as the slope of the PT-63R diagram. The stiffness can also be estimated

from the free vibration tests of the specimens (Sect. 5.11). For an

uncracked specimen, the initial stiffness underwent little change after

the appearance of the first flexural crack. This is because the first

flexural crack did not penetrate into the wall panel of the soecimen.

Tlerefore, its influence on the sectional moment of inertia of the

specimen was smal,. The obvious weakening of the stiffness occurred

after the appearance of diagonal cracks. At this stage, the number

of flexural cracks increased, and one of them penetrated into



the wall panel due to the combined effect of the flexural and shear

stress. The stiffness again became weaker when the load increased

slightly above the working load level, PT = 90 kips. At this stage, the

number of diagonal cracks increased considerably in the first story wall

panel and both the flexural and diagonal cracks aDPeared on the upper

~tories. The load-displacement curves were flattened when about 25 percent

uf the vertical reinforcement of the wall panel passed yield strain.

~he initial stiffness for repaired specimens was weaker than that for

the un cracked ones because in the former, parts of the cracks were not

fi 11 ed vii th epoxy or nevI! concrete.
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S.3.1 Effect of Friction and Relaxation of SDecimens
!

During the first few cycles of loading for each soecimen, a frictional

70rce of about 10 to 15 ki~s was observed during unloadinq. This force

could be detected by the vertical lines shown in the PT - 03R diagrams.

7he frictional force gradually disappeared or became negligible as the

load cycles increased. There was no attempt to comoensate the frictional

force in the data reduction process. That the deformation did not recover

~,!hen the specimen was initially unloaded [see the vertical line immediately

Jfter LP 158 of Specimen SW 1 (Fi]. 5.5)J is not believed to have been

caused by friction. It was mainly due to the relaxation of the soecimen.

After initiation of crushing at the first wall panel at LP 158, the resis

tance of the specimen decreased without a decrease in displacement. This

'las because part of the shear for,:e which was originally resisted by the

'iJall panel was gradually transferl'ed to the edge columns as the panel

crushed, and because the maximum resistance of two edge columns was smaller

than the total apolied force. As the tip displacement was held constant



in order to inspect the damage, the load continued to drop until it reached

a stable state. Although this type of relaxation occurred at almost every

load point of high external loads, it was not significant until the wall

panel crushed.

5.3.2 Effect of Crushing of Column Concrete Cover

When the crushing ~rocess was qradual and slow, it usually had little

effect on the strength of the specimen, as in the case of Specimen Sid 1.

For Specimen SW 2R, however, crushing was sudden. This may be attributed

to the poor bond between the new concrete cover and the old concrete core

and the discontinuities that existed between them. Nearly all the recast

concrete spalled at the same time. As illustrated in Fig. 5.109, several

cracks existed in the column concrete core at the time of castinq the new

concrete cover. These cracks were caused by the residual tensile inelastic

deformation of the vertical reinforcement during the previous test. Con

sequently, when the whole column section was subjected to compression,

the stress was concentrated at the new concrete cover where old cracks in

the concrete core were located. This, together with the ineffective bond

between the original and recast concrete, caused the entire new concrete

cover to undergo premature crushing and spalling. The strength drop due

to crushing of the column concrete cover of SW 2R was small and it was

overcome after a very small increase in displacement (Fig. 5.8).

The edge columns of the wall were designed such that even after its

cover soalled, the remaining confined core was able to provide the same

strength. Together with the experimental evidence described above, this

leads to the conclusion that crushing of the concrete cover, whether it

be sudden or gradual, has little effect on the strength of the specimen.
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Since the crushed cover did not affect the ductility of the wall, the

safety of the structure was not jeopardized. Sudden crushing of the

concrete cover may, however, caLise occupants to panic and large fragments

of falling concrete may result in serious injuries. Therefore, it is

suggested that the existing cracks in the confined core be injected with

epoxy and that the surface of the confined core be treated to ensure better

bond between the core concrete a.nd the newly cast cover concrete. Another

solution would be to use a light wire mesh close to the surface of the

edge column to basket the concrete so as to prevent large concrete frag

ments from falling down after the concrete cover of the edge column crushes.

5.3.3 Behavior of Walls after Crushing of Wall Panel

For Specimens SW 1, SW lR, and SW 2, after crushing of the wall

panel and unloading, the load was immediately reversed. The tests of

Specimens SW 1 and SW 2 were stopped one loading reversal after crushing

to avoid the complete failure of the specimens and to facilitate their

repair. Specimen SW lR, however, continued to be cycled at the same peak

displacement three times and then loaded to its maximum ductility, which

was controlled by the rupture of the spirals of its compression column.

The behavior of the walls after crushing of the wall panel is illustrated

by the load-displacement diagrams of Specimens SW lR and SW 2R (Figs.

5.6 and 5.8).

After crushing of the wall panel, the specimen can be modeled as

a rigid body with two short columns as shown in Fig. 5.106. The length

of the columns is approximately 16 inches for SW lR, and only ten inches

for SW 2R. Figure 5.110 shows the N-M interaction diagram of the confined

core of the edge columns as controlled by shear. At LP 72 of SW lR (Fig.

5.6), the axial forces in the two edge columns near the bottom section of the

specimen were 373 kips in compression and 178 kips in tension, respectively.
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The corresponding shear capacities of these edge columns were 84 kips

and 48 kips, resoectively. These values were calculated according to

Eqs.(11-6), (11-8) and (11-13), Chap. 26 of the UBC, using the actual

strength of the materials. The sum of the theoretical shear caoacities

of the two edge columns, 84 + 48 = 132 kips, is in good agreement with

the total lateral force, 132.4 kips, obtained at the same load point of

the test.

The deformation pattern shown in Fig. 5.106 was monitored by the pair

of diagonally oriented linear ootentiometers installed in the wall panel

of the first story. Although this type of deformation can be regarded as

the shear distortion of the overall wall specimen, the resistance at this

stage resulted orimarily from the shear resistance of the edge columns

which was due to the bending deformation (plastic hinge rotations of the

two short edge columns). Under this deformation pattern, the lateral

displacement values measured at the three floor levels, 63R , 62R and 61R ,

were approximately the same, as shown in the PT-6 3R and PT-S 1R diagrams

of SW lR after LP 45 (Figs. 5.6 and 5.11).

When the lateral displacement was increased in the same direction

after the wall panel crushed, the slope of the PT-6 3R diagram (after LP 34,

Sl1 2R) became negative as shown in Fig. 5.8. Therefore, if the applied

pseudo-static load could have been sustained, the specimen would have

become unstable and precipitated complete collapse. However, because the

loading of the specimen was under displacement control, it was possible

to obtain the descendent branch of the PT-S 3R diagram (from LP 34 to

LP 36, Fig. 5.8). Just before LP 35, (Fig. 5.8), the spirals of the

compression edge column ruptured one after another. The load sharply



dropped to one-half and thereafter remained stable. As the lateral

displacement was continuously increased, more spirals broke and buckling

of the column vertical reinforcement could be observed. In the region

where the spirals ruptured, the concrete core was broken down into small

pieces. The axial loading jack was controlled by a servo-valve which

was under load command (as described in Sect. 4.3.2). Because a sudden

failure of the compression column could drive the corresponding jack

to its maximum displacement capacity and damage the jack, the specimen

was unloaded.

Considerable energy was dissipated by Specimen SW lR after its first

story wall panel crushed (see Table 5, which will be discussed in Sect.

6.4). In the case of an actual earthquake excitation, the inertial force

might force the wall to continue deforming in the same direction after

the wall panel crushed [cf. loading program of SW 2R (Sect. 5.2.4)J.

Since the wall became unstable in resisting the pseudo-static, applied

lateral force, its additional energy dissipation capacity could not be

depended upon for this kind of sustained loading, although it might be

useful under actual inertial forces.

5.3.4 Working Load Cycles

The working load cycle was defined as the load cycle in which the

peak values of the load varied between -90 kips to +90 kips.

After a severe earthquake, a wall may be subjected to a certain

degree of structural damage even if it does not undergo failure. For

this reason, it was necessary to investigate the behavior of the damaged

wall when it is subjected to working loads under wind or minor earthquake

conditions. To study this problem, several dynamic tests and working

load cycles were run at different stages of testing. The dynamic tests
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were carried out under low amplitudes and with no axial force (Sect. 5.11).

Some observations regarding the obtained response at these working load

cycles follow.

(1) For an undamaged specimen, no pinching effect could be detected

in the hysteretic loops with peak loads within the working load range,

e.g., the loop from LP 60 to LP 65 of SW 1 shown in Fig. 5.5; the energy

dissipated within these loops was very small.

(2) After the specimen had been cycled three times in a ductility

range of one, a slight pinching effect could be noted in the hysteretic

loops under working loads (LP 54 to LP 58 of SW 2, Fig. 5.7). At this

time, some residual displacement and energy dissipation within these

loops was observed. The initial stiffness of the specimen was reduced

to one-quarter of that of the uncracked specimen.

(3) When the-specimen had undergone considerable damage, such as

that after the inelastic cycle (LP 74 to LP 100 of SW 1, Fig. 5.5),

the working load loops became pinched (LP 136 to LP 140 of SW 1, Fig.

5.5). The energy dissipated in these loops was reduced to one-half of

that dissipated in the loop described in item (2).

(4) After the wall panel crushed in one corner, the energy dissi

pated within the working load loops increased to approximately three

times that described in item (3) (LP 163 to LP 168 of SW 1, Fig. 5.5);

however, the deflection increased about 1.8 times. This energy incre

ment was primarily due to the inelastic shear distortion shown in Fig.

5.41. Up to this stage, the working load loops were still stable; the

shape of the loop in the previous loading cycle could be approximately

reproduced in the following cycles, and no significant drop in strength

could be observed in the successive repeated cycles.



(5) After the crushing band of the wall panel developed, the working

load loops became unstable. A large amount of reduction in the strength

could be observed in two successive loops (i.e., the loop from LP 186

to LP 191, and the loop from LP 191 to LP 195 of SW 1, Fig. 5.5). Even

under working loads, in such a condition the wall could have been gradually

cycled to failure. The wall was therefore considered incapable of ful

filling its function under this condition.

(6) For repaired specimens, the initial shape of the working load

loops depends on the method of repair. Since most of the large cracks

of Specimen SW lR were epoxy-repaired, the initial shape of its working

load loops was more or less similar to the undamaged specimens, except

that its initial stiffness was reduced by 40 percent. Since most of the

cracks remained open for Specimen SW 2R, the initial shape of its working

load loops were pinched; these were similar to those described in item (3).

5.3.5 PT - 02R and PT - olR Diagrams

Most of the characteristics found in the PT - 03R diagrams can

also be found in the PT - 02R diagrams and PT - 0lR diagrams. However,

the shear distortion of the specimen seems to have had a greater effect

on the characteristics of the last two diagrams. This can be clearly

observed in the curves of the diagrams between LP 158 and LP 159 of

SW 1 (Figs. 5.5,5.9 and 5.10). After LP 158, the value of 03R was

held constant but 02R and 0lR continued to increase. At this load point

crushing of the wall panel occured. The internal stresses of the specimen

were then redistributed, during which time the shear distortion of the

specimen increased due to the considerable drop in shear resistance at the

first story (Fig. 5.41). However, the flexural deformation decreased mainly

because the externally applied load (and the corresponding external
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moments) decreased from 248 kips to 180 kips and the drop in flexural

resistance at the critical region of the first story was very small

(Figs. 5.20 through 5.24). The compensation for the increase in shear

distortion and the decrease in flexural deformation allowed the dis

placement, 03R' to remain unchanged. Displacement values 02R and 0lR

increased, however, because they were more greatly affected by the

shear distortion. Similar observations can be made on the other specimens.

5.4 M- ¢ DIAGRAMS

5.4.1 Experimental Results

Flexural deformation measurements were recorded in the seven con

secutive regions for which the entire length of the specimen was divided

(Sect. 4.2). The average curvature of the specimen section was computed

according to the average concrete strain in the edge columns and to the

hypothetical linear strain variation along a section. Since significant

yielding took place only up to the top of the fourth region from the

footing, only the M- ¢ diagrams up to the top of that region are

reported (Figs. 5.20 through 5.36). The values of the regional moment

shown in these diagrams include the component contributed from the P-6

effect. This component, however, is always less than two percent of the

total regional moment. Several general observations on these diagrams

are discussed below.

(1) Because of the existence of diagonal cracks, the curvature

readings for the first three regions had approximately the same value.

This can be explained by Fig. 5.111. If the force taken by the vertical

and horizontal wall panel reinforcement are neglected, then tensile forces

TB and TC should be equal. Therefore, the strains of the reinforcement

at points Band C (and the corresponding curvatures) have approximately
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the same value.

(2) The average flexural strength of the i th region of the speci

men, (EI)i' is defined by the slope of the Mi - ¢i diagram. Although the

wall specimen has a constant cross-sectional area and the same vertical

reinforcement throughout its height, the value of (EI)i becomes smaller

as region i moves away from the base. This is because the curvature

value remains the same as a consequence of item (1), while the value of

the moment decreases (Figs. 5.20 through 5.36). Because the slabs offer

some restraint against the opening of diagonal cracks, the flexural stiff-

ness of the fourth region, (EI)4' becomes larger than that of the third

region, (EI)3' and closer to that of the first region, (EI)l' This pheno

menon can be seen by comparing the initial slope of the Ml - ¢l' M2 - ¢2'

M3 - ¢3' and M4 - ¢4 diagrams for each specimen (Figs. 5.20 through 5.36).

(3) When the specimen was deformed to a high displacement ductility

ratio, wide cracks opened up due to the inelastic deformation of the

vertical reinforcement. When the applied lateral force was reversed,

the flexural stiffness of the first and fourth regions were very similar

to, although sometimes less than, the sectional flexural stiffness com

puted considering only the vertical reinforcement, which was equal to

3.8 x 108 k-in~ (The flexural stiffness of the cracked wall section was

equal to 8.5 x 108 k-in~)

(4) Although the loops of the M- ¢ diagrams revealed some pinch-

ing, there was less than that usually observed in other reinforced con

crete flexural members. For a flexural reinforced concrete member sub-

jected to loading reversals in the inelastic range, it is possible that a

continuous crack (or several cracks) develops across the entire cross-

section of the member just when the load is reversed. The flexural

stiffness of the member at this section where the continuous crack
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develops may be greatly reduced because no concrete is initially in con-

tact in that section and therefore cannot participate in resisting the

moment. This reduction leads to a significantly pinched shape on the

hysteretic loops of the M- ¢ diagram. In the case of the wall speci-

ments used in this investigation, however, the sectional flexural stiff

ness provided by the vertical reinforcement alone (3.8 x 108 k-in~) was

very large and close to the total flexural stiffness of the partially

cracked section, i.e. when the concrete is considered to contribute to

resisting compressive forces. Hence, very little pinching effect could

be detected in the M- ¢ loops of the specimens.

(5) After crushing of the wall panel, the specimen deformed in a

pattern similar to that shown in Fig. 5.106. In this state, the overall

curvature readings of the specimen in the first story were greatly

disturbed. Because each column of the specimen deformed as an individ-

ual flexural member, the curvature readings were rendered useless for

accurately describing the flexural behavior of the overall specimen

section.

5.4.2 Comparison of Experimental M- ¢ Diagrams with Analytical
Predictions

A computer program was written to predict the cyclic moment-

curvature diagrams of the wall specimen. The following assumptions are

used in the computation: (1) linear strain variations along a section,

(2) no tensile concrete strength, and (3) idealized cyclic stress-

strain curves of the materials. (These curves are shown in Figs. 5.112

through 5.114.)

Under monotonic loading, the stress-strain relationship of the steel

follows the virgin curve shown in Fig. 5.112. This virgin curve tries

to reproduce the experimental curve of the #6 rebars as shown in Fig. 2.5.



Under cyclic loading, the stress-strain relationship of the steel was

first assumed to follow the virgin curve (Fig. 5.112). If the maximum

absolute strain of the steel exceeds 0.003, the unloading curve of the

steel will follow a Ramberg-Osgood function. For absolute strains less

than 0.003, the unloading curve will follow the initial elastic stiffness

of the steel.

As shown in Fig. 2.6, both the strength and the stiffness of the

concrete will be reduced when it is cyclically loaded under a high stress
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level. The maximum usable strain, E ,will, however, increase. Ascu

shown in this figure, the value of E increased to 0.0045 under cycliccu
loading, compared with the E

CU
value of 0.0038 under monotonic loading.

The idealized cyclic stress-strain diagram of concrete (Fig. 5.113) tries

to simulate these characteristics, although the data used in establishing

this idealized diagram are limited to cyclic tests on a few concrete

cylinders. The idealized diagram should be modified after more informa-

tion is obtained.

The maximum stress of the confined concrete (Fig. 5.114) was com

puted according to the following equation [35J:

8.2 A" flO
f - 0.85 f' + s-Xcmax - c a Os (5. 1 )

where a is the spacing of the spirals, and 0 is the diameter of thes
confined core. The correspondi'1g strain, 0.009, was selected according

to the test data reported by Bresler and Bertero [36J.

The cross-section of the wa.ll specimen was divided into 20 segments

of steel elements, 20 segments of concrete elements and six segments of

confined concrete elements (Fig. 5.115). The computer program used an

iterative procedure. This procedure was carried out first, by assuming
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an extreme strain value and a curvature for calculting the strain at

the centroid of each segment. The corresponding stress was then obtained

by using the idealized stress-strain relationships defined above.

Finally, the equilibrium of the net sectional force was checked. If it

were satisfied within the tolerance of 1 kip (about 0.5 percent of the

net axial force, 195 kips), the moment was computed and the procedure

repeated. If not, the curvature was revised for calculating the strain

at the centroid of each segment and the procedure was continued.

The comparison between the experimental and the analytical M- ¢

diagrams is shown in Figs. 5.116 and 5.117. As shown in Fig. 5.115, the

agreement between them for the first monotonic curve (LP 74 to LP 90)

and for the first unloading is excellent. After the moment is reversed,

however, a disagreement becomes obvious. The experimental curve is

stiffer than the analytical curves. There are two primary reasons for

this discrepancy. First, the cracked concrete contacts earlier in the

actual case due to the previous shear movement of the specimen which

dislocated the irregular cracked concrete surface as shown in Fig. 5.118

and discussed in Ref. 34. Secondly, the measured curvature repre-

sents the average value of the curvature at all sections in the first

15-inch length of the specimen. The concrete between cracks takes part

in resisting the tensile force so that the average curvature over the

15-inch length is smaller than that measured at the cracked section as

assumed in the theoretical computation.

After the concrete starts contacting again in the analytical curve

(point A, Fig. 5.115), the agreement between these two curves improves.

5.5 V - y DIAGRAMS AND V - WD DIAGRAMS

5.5.1 V - y Diagrams

For Specimens SW 1 and SW lR, only the shear distortion of the wall



panels in the first two stories were measured. After observing that

diagonal cracks spread across the entire wall panel in the third

story for Specimens SW 1 and S~ lR, the third story shear distortion

was also measured for Specimens SW 2 and SW 2R.

The average shear stiffness of the i th story of a specimen,

(GA )., is defined as the slope of the V - y. diagram of that speci-
v 1 1

men, where G is the shear modulus of concrete and A is the effective
v

shear area of the section. For the uncracked specimen, the theoreti-

cal prediction of the value of G will be Ec/2(1+v), where Poisson's

ratio of concrete is approximately equal to 0.15, and Ec equals

2800 ksi (Sect. 2.3.2.2). The value of Av is approximately the

area of the wall panel, 296 in. 2 ; hence, GA = 3.6 x 10 5 kips.
v

From the experimental results, only the average value of (GA ).
v 1
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for each story can be determined. The values of GA reported herein
v

are based on the V - Yl diagram of Specimen SW 2, Fig. 5.43. These

values indicate the deterioration of the GA value at different
v

stages of loading. It must be realized, however, that the sensitiv-

ity of the instrumentation was not sufficient to register an accurate

value of the shear distortion prior to the appearance of the diagonal

cracks. It is difficult to design an instrumentation that is capable

of accurately measuring deformations whose value can vary in a large

range as in the case of shear distortions before and after cracking.

The average measured value, GA , for the uncracked specimen, SW 2,
v

at LP 2 (Fig. 5.43) was 4.5 x 10 5 kips. This value should be compared

with the theoretical value of 3.6 x 10 5 kips. After the appearance

of the first flexural crack at ~P 6, this value dropped to 3.2 x 10 5

kips. The average value for the first working load cycle from LP 17
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to LP 23 was 1.3 x 10 5 kips. Note that diagonal cracks appeared in

all three panels of the specimen under working load cycles. After the

first yield cycle, the hysteretic V - Yl loops became pinched. The

slope of these loops varied according to the load level. For instance,

from the V - Yl curve between LP 114 and LP 118, it was observed that

its slope was initially 1800 kips when the dowel action of the longitu

dinal reinforcement took place. later increasing to 20.000 kips around

LP 116, and decreasing to 5000 kips between LP 117 and LP 118. During

unloading, the average slopes of these loops varied from 60,000 kips to

72,000 kips, i.e., they had considerably smaller variation than the

loading part of the loops. Note that the largest slope obtained in

the V Yl diagram of Specimen SW 2 (Fig. 5.43), 4.5 x 10 5 kips, is

about 320 times the smallest slope obtained between LP 134 and LP 135

of that diagram, 1400 kips.

In the pinched range of a hysteretic loop, the slope of the

V - Yl curves is nearly constant. Although there was still some

resistance due to aggregate interlocking, most of the shear resis

tance in this range is due to dowel action (Sect. 5.5.2). The ob

served constant slope represents constant dowel action. However, a

decrease in the slope of the V - Y curve could be detected in each

successive loop at the same displacement ductility range. It is

believed that this decrease was due to both the deterioration in the

bond between the vertical reinforcement and the concrete, and the

degradation in the aggregate interlocking of the concrete with each

loading reversal.



5.5.2 Shear Force Transferring Mechanism and V - WD Diagrams

It is well known that under monotonically increasing loads

or deformations part of the she~r force in a reinforced concrete

member is directly transferred through the concrete in the compres

sion zone, while another part of it is transferred through the hori

zontal web reinforcement and web concrete known as the truss or

arch action. A small part is also transferred through the dowel

action of the vertical reinforcement [37J. After it is cyclically

loaded in the inelastic range, the cracked concrete in the compres

sion side is unable to close immediately after the loading. The

shear force must then be transferred through the dowel action of

the longitudinal reinforcement and the deteriorated aggregate inter

locking; hence, the pinched shape in the V - y diagrams of the wall

specimens.

When the width of previously opened cracks in the compression

side of the specimens gradually decreases due to an increased moment,

the aggregate interlocking becomes increasingly efficient. This

gradual increase in the effectiveness of the aggregate interlocking

and the truss action in resisting shear can be observed by the

gradual increase of the slope in the V - Yl diagrams. The truss

action can take place only when the diagonal cracks formed in the

previous loading closes.

More instrumentation was installed for Specimens SW 2 and SW 2R

in order to gain a better understanding of the shear force transfer

ring mechanism. The clip gages, WD 1 and WD 2 (Figs. 5.89 and 5.90),

measured the diagonal strain at ~he bottom corners of the first

story wall panel. When the reading of these gages was reduced from
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tensile strain to zero strain, the diagonal cracks perpendicular

to that gage was closed and the truss action started to function.

By comparing the V - Y diagram (Fig. 5.43) to the V - WD 1 and V - WD 2

diagrams (Figs. 5.89 and 5.90), it was found that an increase in the

shear stiffness always occurred earlier than the formation of the

truss action. For example, a gradual increase in shear stiffness

of the V - Yl diagram began at the point between LP 126 and LP 128

where the shear force was equal to 60 kips. The V - WD 2 diagram

indicated that closing of the diagonal cracks occurred at the point

when the shear force reached 117 kips. Therefore, the increase in

shear stiffness shown in the V - Yl diagram before the diagonal

cracks closed was primarily due to the increase in the effectiveness

of aggregate interlocking.

Specimen SW 2R was loaded monotonically. Clip gages WD 2, WD 3,

and WD 4 of that specimen (Figs. 5.91 to 5.93), were installed to

detect the location and the time of the first crushing of the wall

panel. From these figures, it was found that at the time of crushing

(LP 34), all the strains measured by these gages passed the maximum

usable strain of the concrete, 0.0038.

After the wall panel crushed, the shear-resisting capacity of

the specimen was restricted to that of its edge columns and the

shear stiffness of the specimen was greatly reduced. Therefore,

the shear distortion of the specimen increased despite the decrease

in applied loads during the process of internal stress redistribu

tion (the curve between LP 158 and LP 159 of the V - Yl diagram,

Fig. 5.41).
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Since most of the large cracks appeared only in the first story,

the aggregate interlocking and l:russ action developed efficiently in

the second or third story. Thu~;, small dowel action was required. The

vertical reinforcement in the third story never reached yield point.

Immediately after loading reversal, the compressed concrete in the

third story contacted and effectively resisted the shear. (This was

shown by the readings of the clip gages installed in that story.) The

shear distortion measured in the third story was slightly larger than

that in the second story, probably due to the local effect of the

applied lateral and axial load.

5.6 MB - 8F DIAGRAMS

The base moment fi xed-end Y'otati on di agram of the specimens are

shown in Figs. 5.37 through 5.40. The effect of the rigid body rota

tion of the footing was excluded in these diagrams. The fixed-end

rotation, 8F, is therefore attributable only to the slippage of the

vertical reinforcement along its embedment length in the foundation of

the wall.

As discussed in Sect. 4.2, the curvature, ¢l' was measured as the

average curvature in a region extending from one to fifteen inches away

from the footing. The axial deformation of the column in the one-inch

region adjacent to the footing has been divided into two parts. The

first part is a concentrated deformation just at the faCE! of the footing,

due to slippage of the vertical reinforcement inside the footing. The

second part is the distributed deformation along the one-inch region.

This distributed deformation was added to the fixed-end rotation reading

although it more correctly should have been considered as part of the

curvature reading along the region extending from zero, rather than one,
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to fifteen inches. This error had only a slight effect throughout most

of the loading histories, because the distributed deformation of the

one-inch region was very small. After the column crushed, however,

the axial deformation within this one-inch region became significant

and resulted in larger errors in the 8F readings. Consequently, the

accuracy of the 8F values beyond LP 34 of SW 2R (Fig. 5.40) is ques

tionable.

Generally speaking, the MB - 8F diagrams are similar in shape to

the M- ¢ diagrams, although the former exhibited less pinching.

Because the vertical reinforcement of the specimens was well anchored,

the deterioration of the anchorage effectiveness of the reinforcement

due to loading reversals was small.

5.7 LATERAL DISPLACEMENT COMPONENTS

The sources for the lateral displacement can be grouped into three

categories of components: those resulting from (1) flexural deformation,

(2) shear distortion, and (3) fixed-end rotation. The amount of these

components in the total lateral displacement depends on the slenderness

of the specimen. The more slender the specimen, the more significant

the flexural deformation and the fixed-end rotation. Graphic infor

mation on the three components of lateral displacements at the three

floor levels of the specimen is shown in Figs. 5.94 through 5.98.

Precise values and percentages of these components in the total lateral

displacement are listed in Tables 6 through 9.

The flexural deformation and shear distortion of Specimens SW 2

and SW 2R were measured over the entire length. If no error were

committed in calibrating the instrumentation, and if the assumptions



used in reducing these data are realistic (such as assuming linear

strain variations along a section and uniformly distributed curva

ture over a measured region), then the lateral displacement measured

by the linear potentiometers mounted at the mid-depth of each floor

should be equal to the summation of its three components. Since

the errors shown in column 6 of Tables 6 and 7 are minor for most

of the load points, the experimental data appear excellent. Shear

distortions in the third stories of Specimens SW 1 and SW lR were

not recorded. The error caused by these missing data is around

five to ten percent for the computation of the lateral displacement

at the level of the third floor. The unrecorded data did not effect

computations at the level of t1e second and first floors.

The computation of the lateral displacement resulting from the

flexural deformation was based on the assumption that the curvature

was uniformly distributed over each measured region. Since most

of the flexural deformation was concentrated in the first story,

the error introduced by this assumption had a greater effect on

computing the lateral displacement at the level of the first floor

than at the third floor. According to the uniform curvature assump

tion, the centroid of the curvature diagram of a measuring region

is assumed to be located at the center of that region. Since the

distance from the center of each region in the first story to the

level of the third floor is at least three times longer than the

distance from the center to the level of the first floor, any error

involved in locating the centroid of the curvature diagram of that

region is three times greater "in computing the lateral displacement

at the level of the first floor than that at the third floor. This
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observation agrees with the test result. The largest percentage of

error invariably occurred when computing the 0lR values.

The component contributed from the shear distortion is dominant

for the lateral displacement at the level of the first and second

floors throughout the tests. For the lateral displacement at the

level of the third floor. the shear distortion component is dominant

under working loads. After yielding. the flexural deformation compo-

nent becomes more significant. Comparing the percentage of the

flexural component at the same load point but at different floor

levels. it is clear that the higher the floor level. the greater

the amount of displacement due to flexural deformation. Accordingly.

the flexural deformation component would be considered dominant if

the lateral displacement at the level of the tenth story were con-

sidered.

The contribution of the fixed-end rotation of Specimen SW lR

is so small that it cannot be clearly shown.

5.8 STRAIN IN LONGITUDINAL REINFORCEMENT

The reinforcements of Specimens SW 1 and SW 2 were mounted with

the same number of microdot strain gages in similar locations. A

symbol (such as CL 1) was assigned to each gage according to its

location. The locations of these gages are shown in Fig. 4.10.

Several gages were damaged during the tests on Specimens SW 1 and

SW 2. These gages were not replaced after repair; consequently.

less information on strain was obtained during tests of these specimens.

*The first yield load of the specimens can be determined from

* The load causing first yield is different from the yield load of
the specimen. The latter is defined in Sect. 5.1(4).



their PT - CL 1 diagram (Figs. 5.51 and 5.60). When the reinforce

ment in the outer steel layer of Specimen SW 2 started to yield,

the load was 179 kips. This value is close to the theoretical pre

diction of 174 kips (Table 3). The corresponding load of SW 1 was

as low as 133 kips. Although there was a large discrepency between

the actual and theoretical values of the first yield of SW 1, better

agreement was reached for the final yield load of the specimen.

After strain CL 1 of SW 1 exceeded the tensile yield strain of

0.0025, it never went back to compressive strain (Fig. 5.51), indi

cating that the flexural cracks near the bottom section of the speci

men's left column never closed during the reversal loading. Strain

readings CL 1 and CL 4 of Specimen SW 2 (Figs. 5.60 and 5.63) indi

cate closure of the flexural cracks in the bottom section of the

corner. Combining the readinq CL 2 with that of CL 1 and CL 3

with that of CL 4, the concrete contact length in the bottom section

of Specimen SW 2 can be roughly estimated. If a linear strain

variation across the column is assumed, the concrete contact length

will be 7.5 inches, 5.2 inches, and 5.5 inches at LP 76, LP 100

(from CL 1 and CL 2), and LP 118 (from CL 3 and CL 4), respectively.

No further information could be obtained beyond LP 118 because strain

gages CL 1 and CL 2 broke.

As shown in Fig. 5.61, the slope of the PT - CL 2 diagram of

SW 2 started to increase at LP 73. This increase can be attributed

to the movement of the neutral axis location toward strain gage CL 2,

and to the change at LP 73 of strain CL 1 to compressive strain

(Fig. 5.60). If effects of concrete shrinkage and bond deterioration

are neglected, the recording o·F compressive strain in the steel bars
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will indicate that the cracked concrete in the bottom section again

contacts at the extreme compression fiber and starts to resist com

pressive force. Therefore, the axial stiffness of the bottom section

of the compression column will increase, as shown by the increase

observed in the slope of the PT - CL 1 and PT - CL 2 diagrams.

After LP 75, the slope of the PT - CL 2 diagram became negative.

This may have been due to the neutral axis passing beyond the loca

tion of strain gage CL 2 at LP 75. Similar information was obtained

in the PT - CL 3 diagram of SW 2.

The vertical reinforcement was well anchored inside the footing.

The strain history recorded by gage CL 5 of Specimen SW 1 (Fig. 5.53)

indicated that the strain was always below yield strain and that

no significant residual strain existed. For Specimen SW 2, strain

gage CL 6 recorded a maximum strain that never exceeded 0.001.

The strain history recorded by gage WL 7 of Specimen SW 2 (Fig. 5.69)

also indicated elastic straining throughout the test.

5.9 STRAIN IN HORIZONTAL WALL REINFORCEMENT

The only strain in the horizontal reinforcement recorded con

tinuously by an X-V recorder was strain WS 4 of Specimen SW 2 (Fig.

5.84). If this continuously recorded curve is correct, then the

sharp changes that can be observed in the slope of this figure will

imply tnat other similar diagrams (Figs. 5.72-5.88) which were plotted

using only the discrete scanner data are in error.

The readings of these gages were small before diagonal cracks

appeared. After these cracks appeared, the readings were strongly

dependent on the location of the gage and the crack pattern of the

specimen. Although these readings were usually below the yield



strain of 0.0025 before the wall panel crushed, these gages revealed

a progressive increase in residual tensile strain when the specimen

was cyclically loaded into the inelastic range. This indicates that

at zero lateral load, the diagcnal cracks near the gages became wider

as the number of inelastic cycles increased. These cracks were re

strained from closing by irregularities existing at the two faces

of the cracks or by loose concrete granules entrapped in the cracks.

Gages WS 1, WS 2 and WS 3 were installed in the sane reinforcing

bar to study the strain variation along this bar. If the bond between

the reinforcement and concrete had been severely damaged, the strain

readings in these gages would have been uniform. However, as the

results indicate that the readings of these gages depended only on

their location and crack pattern, the bond appears effective up to

crushing of the concrete.

Since most of the gages were located inside the crushed band

of the wall panel, no meaningful information could be obtained after

crushing of the wall panel. Gaqe readings were completely disrupted

because buckling of the reinforcement occurred immediately after

crushing.

5.10 PHOTOGRAMMETRIC READINGS )\ND SLIPPAGE OF BASE CONSTRUCTION JOINT

The dimensions of the specimen were reduced by 24 times into

a five-inch by four-inch glass plate during the photogrammetric

readings. When the plate was enlarged and read by a comparator,

the accuracy of the coordinates of a clearly seen target was within

0.01 inches. For obscure targets constituting about ten percent

of the total targets, the error may reach 0.05 inches. This margin

of error is acceptable when plotting the deformation patterns of
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the specimen, but it is unsatisfactory when computing the strain

distribution of the specimen. Consequently, Fig. 5.101 shows only

the deformation patterns.

One of the main purposes of using the photogrammetric technique

is to study the slippage of the construction joints. As was discussed

in Sect. 2.5, the wall specimen has three construction joints.

During the tests, only the slippage of the base joint can be observed.

This observation was confirmed by photogrammetric readings. A detailed

discussion of these readings, together with other photogrammetric results,

follows.

(1) The horizontal displacement of the targets can be detected

in the bottom grid line of Figs. 5.101(b), 5.101(e) and 5.101(f).

Since the targets in the bottom line were 3.5 inches away from the

footing, this horizontal displacement was the result of the rigid

body movement of the footing, flexural and shear deformation of the

wall, as well as the slippage between the wall and the footing at

the construction joint. The average horizontal displacement of these

targets was 0.2 inches for SW 1 at LP 158, and 0.08 inches and 0.16

inches for SW 2 at LP 91 and LP 94, respectively. The amount of

slippage can be approximately estimated by subtracting these values

from the other displacement components. The slippage was equal to

0.07 inches for Specimen SW 1 at LP 158, and 0.06 inches and 0.08

inches for Specimen SW 2 at LP 91 and LP 94, respectively.

(2) A residual tensile strain can be observed at LP 90 and

LP 91 of SW 2. [Figs. 5.l01(d) and 5.101(e)J.

(3) In addition to a flexural-type deformation, the first story

tended to deform in a double curvature shape. This type of deformation
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can be observed in every pattern shown in Fig. 5.101 and is particu

larly acute at LP 158 of SW 1 [Fig. 5.101(b)].

(4) At the peak of a load loop (LP 158 of SW1, LP 76 and LP 94

of SW 2), the neutral axis of the section at the base of the wall is

very close to the edge column viall face. Thus only a sma.ll portion of

the wall panel is working in compression. This is judged according

to Figs. 5.101(b) and 5.101(c). where only a small portion of the

wall panel was subjected to compressive strain.

(5) Only translational deformation can be observed at LP 91

of SW 2 [Fig. 5.10l{e)J.

5.11 FREE VIBRATION TESTS

Several free vibration tests were carried out for Specimens

SW 2 and SW 2R to determine the frequency and critical damping ratio

of the specimens at different loading stages. During these tests,

the specimen was disconnected from the loading jacks. :n this way, no

axial force could be applied to the specimen. Although its effect

on the dynami c response of the uncracked specimen is very small,

removing the axial force from the cracked specimen may change the

specimen's flexural stiffness and degree of damping. For this reason,

the data reported in this section should be used only as a guideline.

To eliminate the frictional force between the slab of the speci

men and the test floor, the free end of the specimen was rested on

a wide-flange beam suspended from the overhead crane on a long cable.

The free vibration test of the specimen was initiated by suddenly

cutting a #4 rebar. Through this rebar, the specimen was pulled

by a force of about ten kips. It was also possible to generate the

free vibration of the specimen by manually pushing it. The acceleration
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history of the specimen at the top of each story was measured by

accelerometers and recorded by a visicorder.

For Specimen SW 2, the free vibration tests were run before

loading, after testing with three full loading reversals at a dis

placement ductility of one, and after incipient failure (crushing

of the wall panel). The test of Specimen SW 2R was also run before

loading. Except for the first free vibration test on SW 2, all the

tests were run under two different amplitudes. The small vibration

of the specimen was initiated by manually pushing and releasing it,

or by hitting the specimen with a hammer, i.e., a type of environ

mental vibration test. Then two or three large amplitude vibration

tests were run by pulling the specimen by means of a #4 rebar and cut

ting it as described above. The results of these tests are shown in

Table 10. The critical damping ratio reported in this table is the

result of averaging all the similar tests and averaging the data

obtained from every story. Typical accelerograms of Specimen SW 2

after three yield cycles are shown in Figs. 5.99 and 5.100. The

maximum acceleration of the small amplitude test (Fig. 5.99) is

approximately five percent of that of the large amplitude test

(Fig. 5.100). The mass was unsymmetrically distributed due to the

existence of the loading yoke (see Fig. 4.2). Consequently, a tor

sional vibration mode was incorporated with the bending vibration

mode in these accelerograms.

The load-lateral displacement diagrams of Figs. 5.5 through

5.8 indicate that the initial lateral resisting stiffness of the

specimen decreased as the load level increased. This explains why

the frequency of the specimen vibrated under low amplitudes is 25



percent higher than that vibrated under high amplitudes. Under low

amplitudes the critical damping ratio of the specimen was no greater

than 2.7 percent. The damping of a cracked reinforced concrete member

was primarily due to the energj' dissipated by the friction between

cracks. If the member is not cracked or the amplitude of vibration

is so small that little friction develops along the crack surfaces,

the damping will be small. Therefore, a large difference existed

in the critical damping ratio when the specimen vibrated in different

amplitudes as shown in Table 10. It must be re-emphasized that

had axial force been applied, the width and length of the crack would

have changed, possibly affecting the dynamic response of the specimen.

It must also be noted that the maximum bending moment introduced in

the relatively large amplitude test was less than fourteen percent

of the cracking moment of the specimen. Hence. the amplitude of the

vibration in these tests is much lower than that of the structure

subjected to severe seismic ground excitations. Assuming that damp-

ing will increase if the amplitude of vibration increases. the

critical damping ratio of the wall specimen obtained in these tests

may be conservative. Therefore. the five percent damping used in

the dynamic analyses of the prototype building may be too high for

the uncracked structure. although it may be conservative for the

structure whose main lateral fo~ce resisting element. the framed

walls. will crack under severe seismic ground motions. Similar con-

elusions have been reached by other investigators [38.39J.*

*It should be noted that the damping measured and reported herein is
for the structural wall alone; therefore, it cannot be used to repre
sent the overall damping of the whole building. Damping of the entire
building will depend on the damping of the frames as well as the fric
tion developed between the structure. the walls, and the partitions.
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After three yield cycles the diagonal cracks traversed all three

wall panels of the specimen. The high ratio of 9.1 percent critical

damping was attributed to the internal friction existing between these

diagonal cracks. After crushing of the wall panel, the deformation

was concentrated in a narrow band, indicating that the stiffness of the

specimen depends on the flexural stiffness of its edge columns

(Fig. 5.106). In this case, less internal friction can be expected;

thus although the specimen was subjected to greater damage at the end

of the test, its critical damping ratio dropped.
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6. EVALUATION OF EXPERIMENTAL RESULTS

6.1 GENERAL REMARKS

For a better understanding of the mechanical behavior of the wall

specimens, the experimental results presented in Chapter 5 are further

evaluated by investigating: (1) the effect of different loading histories;

(2) the failure mechanism of the specimens; (3) the energy dissipation

capacities of the specimens and their components; (4) the amount of

inelastic rotation, story drift index, and ductility developed by the

specimens, as well as the significance of these quantities; and (5) the

efficiency of the repairing tech1ique used.

The experimental results are used in conjunction with analytical

ones to assess the efficiency of the behavior of a wall-frame system

designed according to the UBC provisions when this system is subjected

to earthquake excitations. These combined results are also used to have

a better prediction of the critical base moment-to-base shear ratio of

the wall which might develop during seismic ground excitations.

6.2 EFFECTS OF DIFFERENT LOADING HISTORIES

Specimens SW 1 and SW 2 Werl? tested under monotonic and cyclic loadings,

respectively, to study the influence of loading reversals on the strength,

stiffness, ductility, energy absorption and energy dissipation capacity

as well as the failure mode of the framed wall specimen. Because of the

unexpected malfunctioning of the testing setup (Sect. 5.2.1), Specimen

SW 1 was subjected to one cycle of inelastic displacement reversal before

it was loaded to first crushing of the wall panel at which stage a sharp

decrease in lateral resistance was observed. Although this cycle of in

elastic reversal might have affected the specimen behavior under a
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monotonically increased load, the test of Specimen SW 1 will herein

be considered as having had a monotonically increasing load.

6.2.1 On Shear Resistance Degradation

The flexural cracks of a monotonically loaded reinforced concrete

member opened only on the side subjected to tensile stress; its shear

cracks only opened diagonally in one direction. This enabled the con

crete in compression to offer effective resistance to shear, thereby pre

venting or delaying a shear type of failure. Furthermore, splitting of

the concrete cover is delayed because the dowel action is not pronounced.

On the other hand, flexural cracks of a member subjected to loading re

versals opened on both sides, while its shear cracks opened diagonally in

two symmetric directions. If the member had been cycled under full load

or displacement reversal in the inelastic range, the widely opened cracks

due to the inelastic deformation of the longitudinal reinforcement of

the member would not have closed immediately following loading reversal.

There is a range of loading when some cracks traversing the whole cross

section of the member remained open. During this period, the shear

resistance of the specimen could only be offered by the dowel action of

the longitudinal reinforcement and the aggregate interlocking [34J.

During repeated reversal cycles, the aggregate interlocking resistance

gradually deteriorates because of the grinding process that takes place

at the face of the cracks. In addition, the dowel action can seriously

damage the bond between the concrete and the longitudinal reinforcement

and may lead to splitting of the concrete cover (Fig. 6.1). The dowel

action may also cause an early, but ineffective, contact of the concrete

in the compression corner (Fig. 5.118). The inefficiency is a result of

the concentration of stresses in a localized area of contact in an already
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disrupted concrete section. All these facts may cause deterioration in

the strength of the member, and accelerate a premature shear failure.

The dowel action was not pronounced in Specimen SW 1 prior to LP 158.

Before this load point, the spEcimen was subjected to only one full loading

reversal in the inelastic rangE. The deterioration in strength due to

the effect of loading reversal was therefore small. When the specimen

was loaded in the negative dirEction (LP 98), the inelastic deformation

of the vertical reinforcement in the tension column was small. After

loading reversed to the positive direction, concrete in the compression cor

ner contacted at a low load level, building up efficient shear resistance

of the specimen. Thus despitE some deterioration, it is believed that

the overall performance of Specimen SW 1 was not significantly affected

by the loading reversal and it can be assumed that the test results on

this specimen were close to that expected during a pure monotonic test.

For Specimen SW 2, the peak displacement of the loading cycles was

progressively increased as shown in Fig. 5.3. The specimen was cycled

three or four times at the same peak displacement. Before the wall panel

crushed, a deterioration in the stiffness and strength could be observed

between the first and second cycles with the same peak displacement.

The maximum reduction in strength between these two cycles was five per

cent, a percentage obtained by' comparing the lateral load at LP 35 with

that at LP 44 (Fig: 5.7). The lateral load displacement hysteretic loops

became stable at the third load cycle; the difference between the second

and third cycles was small.

6.2.2 On Crushing of Column Concrete Cover

After Specimen SW 2 was cyclically loaded in the inelastic range,

the vertical column reinforcement yielded in both edges throughout the
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height of the first story, extending partially into the second story.

When the load was reversed, the contact of concrete in the extreme compres

sion corner along the yield length of the column was delayed due to the

residual tensile strain of the yielded vertical reinforcement. As a

consequence, crushing of the column concrete cover was also delayed.

No crushing of the concrete cover was therefore observed before the

specimen's wall panel crushed. On the other hand, in the testing of

Specimen SW 1, crushing of the concrete cover could be detected between

LP 87 and LP 88 through reading of strain gage CC 2 and was clearly

observed at LP 156 (Fig. 5.5).

6.3 FAILURE MECHANISM - CRUSHING OF WALL PANEL

6.3.1 Occurrence of First Crushing

During the tests it was observed that the failure modes of all speci

mens vlere initiated by crushing of their first story wall panels. This

crushing practically eliminated one of ~he main sources of shear-resisting

mechanism in the specimen. Buckling of the wall reinforcement in both

directions could also be observed after removing the loose concrete pieces.

According to these observations, the first story wall panel could fail

in two possible sequences. In the first, the wall panel reinforcement

buckles first and consequently damages the concrete cover of that panel.

It should be recognized that in order for the reinforcement to buckle

first, wide cracks must open up or the cover must split at the level of

the reinforcement. In the second sequence, the wall panel concrete first

crushes, thereby reducing the constraint of the wall panel reinforcement

and precipitating buckling.
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Evidence obtained from data on Specimen SW 1 indicates that crushing

of the wall concrete occurred first and was followed by the buckling of

the wall reinforcement inside the crushed zone. The evidence obtained

is as follows.

First of all, the horizo1tal wall reinforcement could not buckle

before the wall panel crushed. According to the strain reading of gages

WS 1 to SW 7 (Fig. 5.72-5.78), the horizontal wall reinforcement was

in tension at LP 157 and LP 158. Since none of this reinforcement had

yielded before LP 158, the tensile strain could be directly interpreted

as the tensile force. The reinforcement could not have buckled when it

was subjected to tension.

Studying the strain history of gages WL 3 and WL 5, located near

the initial crushed zone (Figs. 5.55 and 5.57), it is clear that the

vertical wall reinforcement where these two gages were mounted was sub

jected to compression at LP 157 and LP 158. However, the maximum compres

sive stress in the reinforcement occurred somewhere between LP 152 and

LP 153. After that point, the strain and, therefore, the compressive

stress, was gradually released. According to the average strain histories

recorded by clip gages W1 to W6 (the location of these clip gages are

shown in Fig. 4.6), this gradual decrease of compressive stress in the

reinforcement mounted with strain gages WL 3 and WL 5 was due to the

gradual shifting of the location of the neutral axis of the bottom region

of the specimen toward the extreme compression corner during the loading

process. If the reinforcement did not buckle when it was subjected to

maximum compressive stress, it would not have buckled later. The com

pressive strain read by gage WL 5 started increasing after LP 156. The

increment was small, however, and should not have initiated buckling.



96

The crushed zone in the wall panel at LP 158 is indicated by the

letters A, Band C shown in Fig. 6.2. According to the PT -WL 3 diagram

(Fig. 5.55), the net strain monitored by gage WL 3 which was located

inside zone A was 0.004 in tension at that load point. This indicated

*that the flexural cracks in zone A might not have closed at this time.

Therefore, crushing of the concrete in zone A could not have been caused

by the flexural stress. Clip gage WK 6 (Fig. 4.6) was also read in ten-

sion at LP 158; hence, the same conclusion can be drawn for zone C.

Since strain gage WL 5, located very close to zone B, registered compres-

sive strain at LP 158, only crushing of the concrete in zone B could have

been influenced by the flexural stress. Crushing in zones A and C was

caused by the stresses induced by the shear load.

Two diagonal clip gages were installed on Specimen SW 2, and four

diagonal clip gages were installed on Specimen SW 2R. (Fig. 4.7) to detect

the diagonally oriented principal strain caused by the shear stress.

The results are shown in Figs. 5.89 through 5.93 and have been discussed

in Sect. 5.5.

6.3.2 Formation of Crushing Band

After the first story wall panel of Specimen SW 1 crushed at the

lower left corner (Fig. 6.2), the specimen was unloaded and subjected

to two cycles of reversals at maximum working load (Fig. 5.5). During

these working load cycles, the residual tensile strain measured by all

* It is possible that the concrete was in contact at that time due to
shear dislocation as shown in Fig. 5.118. Even if this were true, how
ever, the compressive stress would still remain small because of the
presence of the large tensile steel strain of 0.004.
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the clip gages mounted along the base section of the specimen (C 1, C 11,

i~ 1 to W6, Fig. 4.6) indicated noticeable reduction. For instance, the

average strain measured by clip gage W3 was 0.Q27 in tension at LP 163,

decreasing to 0.026 in tension at LP 168; a reduction of 0.801. This

reduction becomes more obvious after LP 181, at which point the lower

right corner of the wall panel also crushed. For example, the average

strain reading of clip gage W3 was 0.017 in tension at LP 183, decreas

ing to 0.0013 in tension at LP 186 (applied lateral load was zero at

LP 183 and LP 186), at which time the complete crushed band across the

whol e cross-secti on of the wa 1"1 panel was formed. Si nce the average

strains measured by clip gages W3 and W4 at this load point were

0.013 and 0.011 in tension, respectively, spalling of the wall panel

concrete around these cl i p gagE~s coul d not have been due to the hi gh

compressive stress in the conCI'ete. However, considering the large

decrease in the residual tensi-e strain measured by these gages, it

is possible that the vertical viall reinforcement might have been sub-

jected to high compressive stress. Therefore, spalling of the wall

concrete around the location of clip gages W3 and W4 might have been

i niti ated by buckling of the verti ca1 rei nforcement in thi s regi on.

According to the observations made during the test, it is also suspected

that spalling of the concrete in this region was accelerated by the

propagation of buckling of the horizontal wall reinforcement [Fig. 5.1Q2(d)].

6.4 ENERGY DISSIPATION CAPACITY OF SPECIMENS

6.4.1 External Energy Dissipation Capacity

Table 5 shows the energy dissipated by each specimen at different

stages of testing. For each complete loading cycle the external energy

transferred to the specimen is the total work done within that cycle by
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all external loads, including the lateral force, tip overturning moment,

net axial force, and frictional forces. Except for the frictional forces,

the work done by the first three external loads can be represented by

the area enclosed by the PT - 03R' the MT - 8T and the net axial force

versus average axial deformation diagrams, respectively. As shown in

Fig. 5.5, for example, the unit of PT is in kN (or kips) and the unit

of 03R is in mm (or inches). The area enclosed by the PT - 03R diagram

thereby represents the energy in kN-mm (or kips-in.).

The net axial force was maintained at 195 kips in compression through

out the tests. The work done by the net axial force between any two load

points can therefore be computed as 195 kips multiplied by the difference

of the average axial deformation between these two load points. Since

there was no attempt to compensate the frictional forces in the measured

external forces --PT, MT and net axial force-- (Sect. 5.3.1), the work

done by the frictional forces was also included in the PT - 03R' the

MT - 8T, and the net axial force versus average axial deformation diagrams.

The exact amount of the work done by the frictional forces is not known.

The value is believed to be negligible because the frictional forces were

small during most of the testing.

In general, the work done by the net axial force was small. The value

was always positive prior to the yield load. Due to the residual tensile

strain generated in the vertical reinforcement after the yield load, the

axial length of the specimen was stretched despite the 195 kip compressive

force. In this manner, the work done by this net axial force becomes

negative. The phenomenon is shown to occur in the 17th cycle of Specimen

SW 1 (Table 5).



The negative work done by the net axial force means a part of the

external work was stored as potential energy due to the axial deforma

tion of the wall. The source mechanism for this increase in potential

energy is not very stable since it is a consequence of plastic stretching

(straining) of the main reinforcing steel, which results in an increase

in the opening of cracks through practically the entire wall cross

section. The widening of these cracks leads to a decrease in the lateral

stiffness of the wall whi ch coul din turn lead to out-of -pl ane ins tabil

ity of the part of the wall subjected to compression during the reversal

of the loading. Furthermore, the same crack widening can be the main

cause for the buckling of the Ivall vertical reinforcing bars when they

are subjected to 1arge i ne 1ast"j c compressi ve deformati on since these

could occur without closing of the cracks and would therefore leave

the bars without the lateral restraint usually offered by concrete.

The buckling of bars can result in a sudden shortening of the wall

length and the potential energy stored through the axial deformation

of the wall will be released.

It can also be seen from Table 5 that the total work done by the

axial force for Specimens SW 1 and SW 2 was negative because the net

residual strain existing in these edge columns at the end of the tests

was in tension. On the other hand, for Specimens SW lR and SW 2R,

the total work done by these forces was positi ve due to the crushi ng

of the first story edge column~; of these two specimens.

6.4.2 Internal Energy Di ssi pati on Capacity

The internal energy dissipated by the specimens must be computed

by integrating the stresses multiplied by the corresponding strains

over the whole volume and over the time domain:
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Internal Energy = ~dt f0 .. ~ .. dv
t v lJ lJ

(6. 1 )

where i ,j = 1,2 in the two-dimensional case, and v is the volume of the

speci men.

According to the beam theory, if the specimen is subjected only

to the shear force, axial force in the l-direction, and in-plane bending

moment, the term, 022' will be equal to zero (where the l-axis is the

longitudinal axis of the flexural member). Therefore, the above equa-

tion can be simplified as:

Internal Energy = ~dt f011~11 dv + ~dt fTY dv
t v t v

where T = (J12 and Y= 2(12.

If the beam theory assumption that plane sections remain plane

before and after bending is employed, the strain distribution along

(6.2)

a section can be divided into two parts as shown in Fig. 6.3, or, it

can be written as:

(6.3)

(6.4)

Under this condition, the first term of Eq. 6.2 can be rewritten as:

pdt f0llEll dv
t v

= tdt [[((Jll - Gay) + (Jav] [(sll - Eav ) + Say] dv

= tdt [0avEav dv + tdt ~(011 - (Jav) (~ll - ~av) dv

+ tdt ~~av dXl i(0 11 - Gay) dA + tdt ~~avdXl l(E ll - Say) dA

The last two tenns of Eq. 6.4 are always equal to zero. The first

term of that equation can be rewritten as:



~dt [(-195 kips) s dXlav
t xl

(6.5)
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where oxl (t2) is the total axial deformation at load point 2, and oxl(t l )

is the corresponding deformation at load point 1. Thus the values of

the first term of Eq. 6.4 are exactly equal to the external work done

by the net axial force, i.e., 195 kips in compression.

The second term of Eq. 6.4 can be rewritten as:

(6.6)

According to the assumption that plane sections remain plane, the

term, (~ll - ~av)/x2' is independent of variables x2 and x3' and denotes

the rate of curvature of section xl' ¢(x l ). Correspondingly, Eq. 6.6

becomes:

7
= f:it L (M. ) (¢.) l.

t i=l 1 av 1 av 1
(6.7)

vJhere (M.) ,(¢.) and 1. are the average moment, rate of average
1 av 1 av 1

curvature, and length of the i th region, respectively. The value,

~dt(Mi)av(¢i)av' is therefore equa"' to the area enclosed by the ~1;-¢i

di agrams. The values of Eq. 6.7 for certain cycl es of the speci mens

are listed in column 5 of Table 5.

The last term of Eq. 6.2 can be approximated by:
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(6.8)

where V, (Yi)av and li are shear force. rate of average shear distor

tion, and length of the wall panel in the i th story, respectively.

The term. V, is constant throughout the length of the specimen. The

value of ~dt V(y.) is equal to the area enclosed by the V - Y," dia-
t ' av

grams. The values of Eq. 6.8 for certain loading cycles are listed in

column 7 of Table 5.

Similar to the derivation of Eq. 6.7, and its interpretation, it

can be shown that the energy dissipated through the slippage of the

vertical reinforcement inside the footing of the specimens can be

estimated by the area enclosed by the base moment versus fixed-end

rotation diagrams (Figs. 5.37 to 5.40). These values for some loading

cycles are listed in column 6 of Table 5.

As discussed in the previous section, the total values of the

measured external energy input shown in column 4 of Table 11 should

always be greater than the total measured internally dissipated energy

values shown in column 9 of the same table. This is because of the

presence of frictional forces in the external energy input. The dif-

ference between the values of columns 4 and 9 of that table cannot be

attributed to the energy dissipated by the frictional forces because

other kinds of error are also involved. Some hysteretic loops. such

as those of the MT - 8T, the MB - 8F and the M2 - ¢2 diagrams, etc.,

were drawn based on discrete scanner readings. The curve connecting

two individual points was estimated. The difference between the area

enclosed by the actual curves and the estimated curves contributed to

most of the error. Occasionally, the values in column 4 of Table 5



are less than the corresponding values in column 9; the difference

between them is ind"icated by a negative error shown in column 10. In

general, however, the agreement between columns 4 and 9 is excellent.

The accuracy of the experimental data can be judged by the error shown

in column 10 of Table 5 and in column 6 of Tables 6 to 9, and which

was discussed in Sect. 5.7.

6.4.3 Components of Internal Energy Di ssi pati on Capacity

Before the wan panel crushed, the component of energy dissipated

through the flexural deformation (M - ¢ and MB - 8F) was the most sig

nificant. Dependin9 on the level of the load and the ductility of a

loading cycle, the energy diss;pated in this loading cycle through the

flexural deformation may range from 49 (cycle numbers 1 through 7 of

S\~ 2, Table 5) to 83 percent (cycle number 17 of SW 2, Table 5). After

the wall panel crushed, the component of energy dissipated through shear

distortion became more important (cycle numbers 29 and 30 of SW 1,

Table 5). For Specimens SvJ 1 clnd SL~ 2, the energy dissipated through

the flexural deformation was about 70 percent of the total energy dis

sipated by the specimen. This percentage dropped to 33 percent and

48 percent for Specimens SW lR and SW 2R, respectively. From these

comparisons, it can be seen that the energy dissipation capacity of

Specimens SW 1 and St~ 2 was controlled by flexural deformations. There

rore, classifying this type of structural wall as a "shear wall" may

be misleading since it could bE interpreted as denoting a shear failure

where the flexural mechanism actually plays the most significant part.

In this case, the designation cf II shear wall II is correct only if it

conveys the meaning that this is the structural component resisting

most of the shear.
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6.4.4 Comparison of Energy Dissipated by Different Specimens

The total energy dissipated by each specimen strongly depends on

the loading history. It is believed that the energy dissipation capa

city of the wall specimens could increase tremendously if the specimens

were cyclically loaded in the lower ductility range which would not

cause crushing of the column concrete cover or crushing of the wall

panel. This belief is based on observations of the tests on reinforcing

bars and concrete cylinders. Under cyclic loading, the energy dissipa

tion capacity necessary to induce failure due to low cycle fatigue for

both members is always larger than that under monotonic loading. There

fore, a comparison of the energy dissipation capacity of two specimens

is meaningful only if their loading programs are similar.

The two original specimens, SW 1 and SW 2, were constructed to be

identical. In comparing the energy dissipated in similar cycles of the

repaired specimens, SW lR and SW 2R, the original specimens are used

as frames of reference to judge the efficiency of the repair.

Specimens SW 1 and SW 2R were both tested under monotonic loading.

Only one particular cycle between them is comparable, however. The

energy dissipated in the 7th cycle of SW 2R, 1148 k-in., is equivalent

to the energy dissipated in the 28th and 31st cycles of SW 1, 1619 k-in.

If specimen SW 1 is used as reference, the repaired specimen, SW 2R,

is judged as having only 71 percent the energy dissipation capacity of

the original specimen.

Specimens SW 2 and SW lR were tested under cyclic loading with

progressively increased peak loads or peak displacements. Their energy

dissipation capacity prior to crushing of the first wall panel is com

parable. The energy dissipated up to the 20th cycle of SW 2 was 4425 k-in.
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The energy dissipated up to the 9th cycle of SW lR was, however, 718 kips

in., which is only 16 percent of that for SW 2. In terms of the energy dis-

sipation capacity, the repair of Specimen SW lR was far from satisfactory.

6.5 DUCTILITY, ROTATION CAPACITY, AND STORY DRIFT OF SPECIMENS

6.5.1 Ductility and Rotation Capaci!l

The curvature ductility, the displacement ductility and the plastic

hinge rotation capacity of thE! specimens are given in Table 4. The tabu

lated values of ¢y' 63y ' 8y and 8; are based on the experimental results.

The yield curvature, ¢y' is defined as the value of the average curvature,

¢l' which was measured at the first region of the specimen at the first

yield load. The yield rotation, 8y ' is defined as the total angle of

rotation at the yield load of the specimen, resulting from the curvature

in the first five sections, ¢l - ¢5' excluding the fixed-end rotation.

The reason why only the first five sections were selected is that the

yield of the vertical reinforcement never penetrated into the sixth sec-

tion during any of the tests. The definition of 8; is similar to that

of 8y ' but the fomer includes the fixed-end rotation. Since the vertical

reinforcement of the repaired specimens was stretched into the strain-

hardening region during the previous tests, there was no clear yield

point for the two repaired specimens. Therefore, the 8 , °3 ' 8 and 8'
y Y Y Y

values of Specimens SW lR and SW 2R were assumed to be the same as those

for Specimens SW 1 and SW 2, respectively.

The terms, ~¢' ~o3' and e~l used in Table 4 are defined as the curva

ture ductility, the displacement ductility at the third floor level and

the plastic hinge rotation capacity of the specimens, respectively.

Their tabulated values are based on the maximum curvature, the maximum

lateral displacement, and the maximum plastic hinge rotation of the

specimens obtained before crushing of their first story wall panels.
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To be more specific, these values were obtained before there occurred

a significant drop in the lateral force resisting capacity of the

specimens.

In comparing the ductility values of the specimens, two criteria

were used to assess their performance. The first criterion compares

their maximum displacement ductility. Under this criterion, Specimen

SW 1 indicated the best performance, achieving a maximum displacement

ductility value of 6.1. The other criterion compares the total values

of ductility during a full loading reversal. The second method appears

to be more appropriate than the first because the displacement ductility

is an index for estimating the energy absorption and dissipation capa

city of a specimen. Therefore, when a structure is subjected to loading

or deformation reversals, the energy absorption and dissipation capacity

of the structure under such a load would be more accurately estimated

by the total ductility (also called cyclic ductility) during a full

loading reversal than that estimated by just the maximum ductility.

According to the second criterion, the performance of the two original

specimens were similar because they had approximately the same cyclic

ductility, 8.9 versus 8.4. The performance of the two repaired speci

mens, however, were relatively poor because they had about one-half

the displacement ductility value of the original specimens.

By achieving a displacement ductility value of 6.1, Specimen SW 1

can be judged as behaving like a flexural member. The displacement

ductility of a member strongly depends on the location where the dis

placement was measured, however. As shown in Fig. 5.94, the maximum

displacement ductility of Specimen SW 1 achieved at the first floor

level was 7.7, which is larger than that achieved at the third floor

level, 6.1. The energy dissipation capacity of the specimen under one



large impulse load can be more accurately estimated by its maximum

plastic hinge rotation, 8;1. For example, the value of 741 k-in. ob

tained by multiplying the My (32,300 k-in.) of SW 1 with its 8~1

(0.0226), is very close to the internal energy dissipated through the

flexural deformation and the fixed-end rotation of SW 1 at the 28th

cycle, 768 k-in. (Table 5). A comparison between the 8~1 values of

the wall specimen, SW 2, and other reinforced concrete flexural members

and structural steel members is shown in Table 11. All the specimens

listed in that table were subjected to similar, progressively increased

cyclic loading. Regardless of its relatively small span-"'.:o-,jepth ratio,

1.84, and very high nominal unit shear stress, 11.1 If', the wall specie

men still provided what is considered to be sufficient plastic hinge

rotation capacity to withstand the effect of severe seismic ground

exci tati ons.

6.5.2 Story Drift Index

Another parameter frequently used in describing the general behavior

of a structure is the story drift index. This is defined as the maximum

relative lateral displacement between the two floor levels of the story

divided by the height of that story. The story drift indices of the

specimens at some load points are shown in Table 12.

To prevent non structural damage, the maximum allowable total drift

of a building at service load levels is 0.002 H [40], where H is the

height of the building. The s":ory drifts given in Table 12 were meas-

ured during tests conducted on the wall alone; thus strictly speaking,

the measured drift do not simulate the drifts in the entire building.

However, because the walls are the main lateral force resisting elements

of the bui lding, the story dri ft of the whole building shoul d be very
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close to that measured on the tests of the walls alone.

The acceptable maximum drift index that can be derived directly

from dividing the total drift by the height of the building should

generally not be used to represent the maximum acceptable story drift

index in shear walls which can undergo considerably large inelastic

deformations. In such cases, the story drift is usually not distriuted

uniformly along the height of the building. However, if the story drift

at each story is not allowed to exceed the total drift index multiplied

by the height of each story, the resulting total drift will comply with

the established allowable value. Under the working load of PT = 90 kips,

the story drift values of the original specimens, SW 1 and SW 2 were

generally below this limit (LP 32 of SW 2, Table 12). For the repaired

specimens, SW lR and SW 2R, however, this limit was exceeded even under

the working load (LP 32 of SW lR and LP 28 of SW 2R). Most of the

large cracks of Specimen SW lR were repaired with epoxy; some of its

small cracks were too narrow to be injected with epoxy, however. Using

epoxy injection, 60 percent of the initial stiffness of the original

specimen was restored for Specimen SW lR. Most of the cracks of Specimen

SW 2R were left unrepaired; consequently, the initial stiffness of that

specimen was only fifteen percent of that of the oriqinal specimen. From

a serviceability point of view, epoxy injection in cracks should be used

whenever possible.

The average story drift index for the bottom three stories of

Specimen SW 1 at the maximum load (PT = 248 kips, LP 158) is 0.037.

If the upper stories of the prototype wall have the same amount of story

drift index when the prototype building is subjected to loading conditions

which correspond to the maximum load of SW 1, the lateral displacement



at the top of the prototype wall ~lill be three feet and four inches

(0.037 x 93 feet). Th~is amount of displacement is classified as intol

erable if the period of vibration is less than four seconds [41J.

Under such a large stOI'y drift, however, it is estimated that plastic

hinges wi 11 form at thE! bottom end of the col umns in the fi rst story

of the i nteracti ng ductile frame. The amount of pl asti c hi nge rotati on

could reach 0.02 when the first story undergoes a drift of 0.037 x

(height of the first story). Thi~; amount of plastic hinge rotation is

too large for a column subjected to considerable axial force, and could

initiate collapse of the building.

As shown in Fig. 6.4, the drift of the i th story of the wall, R.,
1

can be divided into two parts. The fi rst part, (Ri ) rot' is due to the

rota ti on at the top of the (i -1) th story. The second, (Ri ) tan' is due

to the flexural and the shear deformation . t h . thoccurn ng ate 1 story

of the wall. The latter component is a better index for judging the

possible structural damage to the wall as well as the nonstructural

damage at that story. Table 13 shows the components of the story drift

of the specimens. As indicated in this table, the values of (Rl)tan

are always greater than the values of (R2)tan and (R3)tan except at

LP 28 of Specimen SW 2R. Because the crushed concrete in the lower

part of the first story of SpecimEn SW 2R was recast, while the cracks

in the upper stories remained unrEpaired, it is possible that the second

story wall suffered moY'e damage ar,d therefore resulted in more tangenti al

drift than that in the fi rst story at that load point. For the rest

of the load points, the damage was concentrated in the first story of

the specimens, particularly so after crushing of their first story wall

panels.
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6.6 SEISMIC RESISTANCE OF PROTOTYPE BUILDING

Well-designed framed walls coupled with ductile moment-resisting

frames constitute an efficient seismic-resisting structural system.

According to the linear-elastic analysis discussed in Chapter 3 and

the experimental results presented in Chapter 5, the prototype building

has sufficient strength and stiffness to resist moderate earthquake

excitations. As shown in Fig. 3. 1(2)(a), when the building is subjected

*to the UBC specified earthquake force multiplied by the load factor,

1.4, the maximum base moment produced in its major lateral force resist-

ing element, the framed walls, is still below the working moment of the

**wall. The maximum story drift index of the wall specimen under work-

ing loads is 0.0016 (LP 32 of SW 2, Table 10), which is below the drift

index limit of 0.002 recommended for preventing nonstructural damage.

Therefore, under 1.4 E loading both structural and nonstructural damages

to the building are restricted. The reasons for such excellent per-

formance of the building under 1.4 E loading are twofold. First, the

actual strength of the wall is much higher than its design strength

(Table 3). Second, although during the design of the building the

total lateral load, 1.4(E + torsion), was assumed to be taken by the

wall system alone, in reality, the frame system also participated in

resisting the lateral load.

* In this case, the UBC specified base shear multiplied by 1.4 (1.4 E),
is equivalent to 6.7 percent of the building weight. That is, 1.4 ZKC =
0.067, where Z, K and C are the terms used in Eq. 14-1, Chap. 23 of the USC.

** The base moment of the wall is 344,700 k-in. when the building is
subjected to 1.4 E [Fig. 3.l(2)(a)]. According to the experimental data,
the working moment of the wall, based on the criterion that the stress
in the reinforcement is less than 24 ksi, should be 420,000 k-in. This
value is equal to the corresponding value of SW 1 shown in Table 3 multi
plied by the scale factor, 27.



According to the experimentc,l results evaluated in Sects. 6.4 and

6.5, in the case of a major earthquake, the wall system of the proto-

type buil di ng can provi de suffi ci ent ductil ity and energy absorption

and dissipation capacity to prevent serious damage to the building if

the base moment-to-base shear ratio of the wall used in the test is

the most critical one that can be developed during such an earthquake.

Further investigation of this critical ratio will be carried out in

Sect. 6.7 and Chapter 7.

6.7 EFFECT OF CHANGE IN STIFFNESS ON THE LOAD DISTRIBUTION OF WALLS

Accordi ng to dynami c tests run after three repeated yi e1d cycl es

of Speci men SW 2, the natural frequency of the speci men was reduced

twofold. This does not mean that the frequency of the prototype building

a1so decreases in the same rati o. Si nce the wall s are much sti ffer than

the columns in the building, it is possible that all the columns and

most of the beams will remain elastic when the walls have just yielded.

According to the experimental results, the flexural stiffness of the

seriously cracked wall specimen after yielding was much smaller than

that of the uncracked one. The elastic response spectrum analyses

carried out in Chapter 3 were based on the stiffness of the uncracked

members. The distribution of the member forces of the building were

studied using the smaller values of flexural stiffness obtained after

yielding of the walls. Emphasis was placed on the force distribution

of the walls.

The sectional flexural stiffness of the wall specimen, (EI)i'

can be estimated from the slope of its M. - ¢. diagrams (Figs. 5.25
1 1

to 5.28). Comparing the slope of the M. - ¢. diagrams before and after
1 1

the three yield cycles, it can be estimated that the average sectional
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flexural stiffness of the first, second and third stories of the wall

specimen, decreased by 2.75, 2.25 and 1.65 times, respectively. By

using this reduced sectional flexural stiffness of the bottom three

stories of the wall, an elastic response spectrum analysis of the

prototype building was run with conditions similar to that shown in

Fig. 3.1(4). As a result of this decrease in stiffness, the fundamental

period of the building was increased from 0.77 seconds to 0.92 seconds,

and the maximum roof displacement of the building was increased from

3.75 inches to 6.28 inches. To reach the same 'ultimate base moment

of the specimen according to the loading condition shown in Fig. 3.1(4)(d),

the shear force must increase from 243 kips to 296 kips, Figs. 3.1(4)(d)

and 3.1 (6)(d). Under this condition, there is a greater danger that

the specimen will fail in a brittle shear mode. If the specimens had

been tested under the loading condition shown in Fig., 3.1(6)(d), less

ductility and a smaller energy dissipation capacity of the specimens

might have been obtained. A similar conclusion was reached by using

the spectrum of the derived Pacoima base rock motion of the San Fernando

earthquake of 1971. Using this spectrum, the maximum shear force ex

pected to be developed in the wall specimen is 272 kips (compared with

296 kips obtained by using the El Centro earthquake spectrum).

To obtain more accurate information on the distribution of member

forces in the building after a number of its members have yielded, it

was necessary to carry out a nonlinear dynamic analysis of the building.

The results of this analysis will be discussed in the next chapter.

6.8 SUMMARY AND CONCLUDING REMARKS

From the evaluation of experimental results presented in this

chapter, some important findings can be discerned.
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(1) By subjecting the spE!cimen to cycles of inelastic load rever

sal, crushing of the concrete cover of its edge columns can be delayed.

(2) Crushing of the wall panel was primarily caused by high shear

stresses developed at the compression corner of the wall. As a con

sequence of these shear stresses, strut action developed.

(3) Under the loading condition shown in Fig. 3.1.4(d), the wall

specimens could develop considerable energy dissipation capacity, duc

tility, and plastic hinge rotation capacity.

(4) Most of the external energy input to the wall specimen was

dissipated through its inelastic deformation of flexural type. There

fore, the flexural, rather than shear, mechanism of the wall remains

the more significant.

(5) The plast~ic hinge rotation and energy dissipation capacities

of the repaired specimen (SW lR) are substantially less than those of

the original specimen. With careful repair, the plastic hinge rotation

capacity and energy dissipation capacity of Specimen SW 2R reached 82

percent and 71 percent, respectively, of those of the original speci

men (SW 1).

(6) Under working loads, the story drift index of the wall speci

ment was below 0.002.

(7) The first spalling of the edge column concrete cover of

Specimen SW 1 occurred when the first story drift index reached a value

of 0.019. The first story drift index at the maximum strength of this

specimen was 0.037. Considerable structural, but mainly nonstructural,

damage may result under such a large story drift index (0.037).

(8) In a wall··frame, most of the total seismic base shear of

the building is resisted by the wall component. However, the relative
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amount of this total shear resisted by the frames and the walls changes

with the increase of inelastic behavior. After yielding of ductile

walls, the response spectrum analysis of the prototype building with

the modified wall stiffness shows that the wall actually resisted a

larger part of the total shear than it did before yielding.

(9) After yielding of the wall, the flexural stiffness of the

three-story subassemblage decreased considerably, the largest decrease

being at the first story. The dynamic response spectrum analysis

of the building considering the reduced wall stiffness observed at the

bottom three stories shows that the maximum roof displacement of the

building was increased from 3.75 inches to 6.28 inches. Furthermore,

the base moment-to-base shear ratio of the wall becomes smaller than

that of the wall with uniform stiffness throughout its height. Further

investigations using nonlinear dynamic analyses are necessary to obtain

more accurate values of this ratio.
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7. NONLINEAR RESPONSE OF WALL-FRAME STRUCTURAL SYSTEM
TO SEVERE EARTHQUAKE GROUND MOTIONS

Using the linear-elastic response spectra of some recorded earthquake

ground motions, the linear-elastic response of the prototype building was

analyzed in Chapter 3. In the experimental program the loading of the wall

3pecimens was based 01 the most critical combination of the base moment

and base shear of the wall obtained from these analyses. Results of the

elastic analyses indicate that t1e walls and most of the beams of the

prototype building arl= stressed into the inelastic range when subjected

to ground excitations of the 1940 El Centro earthquake record and the

derived Pacoima base 'rock motion of the 1971 San Fernando earthquake.

8ecause of the diffi culty of detf:rmining di rectly the i nel asti c response

of a structure from only a linear-elastic analysis [42J, it was necessary

to study the nonlinear response of the building under these same earthquake

ground motions.

A computer program, SERF [4;~J, was used to carry out the nonlinear

analysis of the proto~~pe building. This program was slightly modified

to incorporate the failure model of the column element. The failure criteria

of the member will be discussed in detail in Sect. 7.4.

7.1 IDEALIZATION OF PROTOTYPE BUILDING

7.1.1 General Description

The prototype bU'ilding (Fiq, 2.1) was represented as a series of two

dimensional frames (F·ig. 7.1). The strength and stiffness of the eight

['1-5 frames without wall s were sunmed together, and represented as the 1eft

frame in Fig. 7.1. This frame was connected to the right frame, which

represented the two N··S wall frames, by means of links at every floor level.
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These links had the properties of infinite rigidity in axial stiffness

but nearly zero rigidity in flexural stiffness. The wall was idealized

as an equivalent column in this analysis. The mass of the building

was assumed to be lumped at the floor levels; their mass moments of

inerti a were neglected.

7.1.2 Mechanical Characteristics of Members

All the members were idealized using the two-component Clough

model [43J. In this model, the member is idealized as a perfectly

elastic component acting in conjunction with an elasto-plastic compo

nent. The deformations in each component are independent, except at

the ends where they are identical. The stiffness of the elastic compo

nent, p(EI) (Fig. 7.2), provides the desired rate of strain-hardening.

The value, p, used in this investigation, 0.025, was selected according

to the Ml - ¢l diagram of Specimen SW 1 (Fig. 5.20).

The beam elements considered are inextensible, and have uniform

stiffness properties along their length except at end zones of one-

half column width which are rigid (Fig. 7.1). The positive and nega

tive moment capacities at each end of the flexible portion of the beam

may be assigned different values. The column elements (including walls)

considered have uniform stiffness properties except at end zones of

one-half beam depth which are rigid (Fig. 7.1). They also have a

uniform mc~ent capacity along their flexible length, while their moment

capacity was varied with their axial force as will be referred to in

Sect. 7.4.1. The axial stiffness of the column elements are also

considered in the analyses. The strength of the members used in this

analysis was calculated according to the real strength of the materials,

i.e., fy = 73 ksi and f~ = 5.3 ksi (Table 2).
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7.1.3 Loading,

The buil ding was analyzed under the effect of combi ned gravity

loads and different se'ismic ground accelerations. Only one of the

horizontal components of each of these different ground motions was

considered in each analysis. Therefore, all the loads acted in the

plane of the frames.

The gravity loads were treated as uniformly distributed forces over

the flexible portion of the beams. Since the wall is treated as a column

(282 inches wide), part: of the gravity loads di rectly carried by the wall

were represented as the concentrated forces acting on it (Fi g. 7.1).

The p-~ effect was also considered in the analysis.

7.1.4 Validity of Idealizations

The validity of using the two-component model has been extensively

evaluated in Ref. 42. Only the erTors involved in the idealization of

the building and the assumption of inextensible beams will be discussed.

Because of the presence of spandre 1 beams around the ci rcumference

of the prototype building (Fig. 2.1), the stiffness of the beams in the

two end frames is approximately five times higher than that of the beams

in the interior frames which consist of only flat slabs. The stiffness

of the end frames is therefore re 1ati ve ly hi gher than that of the in teri or

frames without walls even though the stiffness of the end frame columns

is less than that of the interior frame columns. This considerable

increase in stiffness points out the important role that the beams play

in the lateral stiffness of a mome'lt-res;sting frame structural system.

In the case that the building undergoes severe earthquake ground excita

tions, the plastic hinges tend to form in the beams of end frames first.

Therefore, more accuratl~ results woul d have been obtained by ideal i zi ng
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the building as three groups of frames all linked together. One group

would represent the two end frames, another would represent the six

interior frames, and the last would represent the two wall frames. By

doing this, however, the number of elements of stiffness matrices would

increase 2.4 times, thus requiring more effort to solve the equations

of motion. Using a less time-consuming solution, the building is ideal

ized as shown in Fig. 7.1. The error introduced by this idealization

in the estimation of beam ductility factor and beam plastic hinge rota

tion might be large. However, if only the displacement history of the

building or the behavior of the wall alone is considered, the errors

become small. This is because the loading condition of the wall was

only affected by the lateral stiffness of the whole frame system which

will not change considerably either in the elastic or in the initial

inelastic range where only a few plastic hinges form in the beams of

the two end frames.

Another error might be introduced by the rigid diaphragm assumotion.

As will be discussed in Sect. 7.3, nonlinear analyses were carried out

using a "ductile" and a "failure" model. The failure model allows the

members to fail. Generally speaking, the error introduced by the rigid

diaphragm assumption before the wall elements failed is negligible.

Prior to failure, a major part of the total shear in each story of the

building was transferred to the lower story directly through wall ele

ments. After the wall elements in the bottom two stories failed in

shear (Sect. 7.6), the story shear transferring mechanism changed.

Since the wall elements suddenly lost their strength and stiffness in

these bottom two stories, most of the total story shear that was induced

in the third story (including the shear resisted by all its columns)
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and which was transferred dirrectly to the wall of the second story just

before failure of this wall, must be transferred to the colurrns of the

second story through tile slab of the second floor after wall failure

[Fig. 7.3(b)]. Furthermore, beca1jse there are three frames located on

the right side of the ''''all frame and only one to its left side, about

*three-fourths of one-half of the total third story shear must be trans-

ferred through the slab on the riqht side of the wall. (The story shear

transferring mechanism will be di~;cussecl in more detail in Sect. 7.6.1.3.)

The prototype wall has a maxi mum shear capaci ty of 2230 ki ps accordi ng

to the test data. The'refore, about 1500 kips of shear force must be

transferred through the slab to the right side of the wall. The average

shear stress at the section of the slab on the right side of the wall

is 670 psi (91fT); this value w"ill introduce serious shear cracks
c

in the slab. ThereforE~, the rigid diaphragm assumption, which is not

strictly correct even for the oriqinal structure, would introduce large

errors. Had proper ax'ial stiffness of the floor system been considered,

the shear force absorbed by the wall element would be less than that

indicated by the result computed according to the rigid diaphragm assump-

ti on.

7.2 STRUCTURAL ANALYSIS PROCEDURE

Only gravity loads and horizontal ground excitations were considered

in this investigation. The gravLy loads, corresponding to 1.0 x (0 + L)

of the USC, were appliE~d to the building prior to consideration of the

ground excitations. The record of the N-S component of the 1940 El Centro

*After the wall elements failed in the first two stories, the total third
story shear and the inertial force generated in the second floor became
equal to the sum of the shear taken by all the columns in the second story.
The maximum shear force that can be taken by all the columns in the second
story is about 4100 kips.
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earthquake and the S-16°-E component of the derived Pacoima base rock

motion of the 1971 San Fernando earthquake were used as ground excita-

tions. For the building subjected to horizontal ground excitations,

the equations of motion can be expressed as:

[M] {r} + [C] {r} + [K] {r} = - r [M] {b
H

}gH (7 . 1)

in which [M] is the diagonal mass matrix; [C] is the viscous damping

matrix; [K] is the stiffness matrix; {r}, {r} and {r} are the accelera-

tions, velocities and displacements of the nodal points relative to the

ground, respectively; rgH is the horizontal ground accelerations; ~nd

{bH} has zero entries except for unit terms corresponding to the lateral

floor degrees-of-freedom.

The viscous damping matrix is assumed to be proportional to the

mass matrix; thus:

[C] = arM] + S[KJ (7.2)

where the scales, a and S, are determined in such a way that the damping

ratio, ~n' for the nth normal mode is given by:
aT

~ = n + Sn (7.3)
n 4n Tn

where Tn is the nth natural period.

In this investigation, the values of a and S are determined accord-

ing to ~l = ~4 = 5%, which is the same as the critical damping ratio

used in the elastic spectrum analyses discussed in Chapter 3 and Sect.

6.7. The values of ~ corresponding to other natural periods are shown
n

in Table 14. The T values shown in that table were obtained by using
n

the TABS computer program [24J.

The reasons for selecting the a and B values according to ~l = ~4 = 5%



are twofol d. Fi rst, the criti cal dampi ng rati os corresponding to the

first five natural periods, ~l to ~5' will be close to 5% (Table 14).

Second, the critical clamping ratio corresponding to the smallest natural

period, ~10' will not be very laY·ge. If the a and 13 values were selected

according to other values, for i~stance, ~l = ~2 = 5%, the values of ~4'

/;5 and /;10 would be 13%, 18% and 35%, respectively, which are considered

un reali s tic.

The equations of motion are formulated and solved by using a direct

step-by-step method. At any shoY't time interval, the increlTY2ntal equa

tion can be expressed as:
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= (7.4)

in which [KTJ is the tangential 5tiffness matrix formulated according

to the yield conditions of the structural members at the end of the

previous time interval. This stiffness matrix is assumed to remain

constant within this time interval. The incremental rel ative nodal ac

celerations, {dr}, arE! assumed to remain constant in a time interval

and equal to the average of the values at the beginning and end of this

time interval. This approach is known as the "constant average acceler

ation method." ChangE!s in yield state or other events that would intro

duce nonlinearities which occurred in a step will be introduced only

at the beginning of the next step. The discrepancies detected at the

end of a step between the computE!d element forces and their yield cri

teria will be approximately compensated by applying corrected nodal

loads to the structUrE!. Since no iterative scheme was used, it is desir

able to use very sman time incrE!ments so that the corrected nodal loads

are small as will be the errors. The time increment used in this inves

tigation is 0.01 sec.~, about one··hundredth of the fundamental period
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of the building.

7.3 RESULTS OF NONLINEAR DYNAMIC ANALYSIS - DUCTILE MODEL

As discussed in Sect. 7.1.4, when a ductile model is used herein,

it is assumed that the structure or structural member under consideration

has infinite shear capacity and infinite ductility. No failure of the

member is thereby allowed to occur. This is not realistic for a real

member, but it is necessary in order to study the amount of shear capa

city and ductility required for the member to survive when the building

is subjected to severe ground excitations.

7.3.1 Response to Derived Pacoima Base Rock Motion (0.4 g)

Only the strong part of the derived Pacoima base rock ground motion

with maximum acceleration of 0.4 9 (Fig. 7.4) is used in the analyses.

The first two seconds of the ground excitations with small amplitude

were omitted in the analysis. It is recognized that this initial part

of the record could build up the response of the whole model and, thus,

lead to a large response. However, it is believed that the increase

would not have been significant in this case. The time history of floor

displacement is shown in Fig. 7.4. The deformation shapes of the building

are shown in Fig. 7.5; these shapes can be roughly estimated from Fig. 7.4.

7.3.1.1 Sequence of Plastic Hinge Formation

The sequence of plastic hinge formation in structural members is

indicated by the progressively increasing numbers shown in Fig. 7.6(a).

Using the Pacoima ground motions, first yield occurred at the left end

of the sixth floor beam of the wall frame at 2.64 seconds. Two time

steps later (T = 2.66 seconds), plastic hinges began to appear at the

bottom of the wall.

The wall had a large width of 282 inches. When the centerline

of the wall rotated under the horizontal ground motions, the vertical
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displacement at its edges became significant. Since one end of the

beams in the wall frame is connected to the wall edge, the large vertical

displacement of the wall edge imposed a large relative movement between

the two ends of the beam. This relative movement combined with the

effect of the gravity loads caused the plastic hinges to appear earlier

in the beams of the wa 11 frame.

After 3.08 seconds, some of the plastic hinges in the wall and beam

elements shown in Fig" 7.6(a) started to unload. A few steps later

(T = 3.15 seconds), all the plastic hinges shown in Fig. 7.6(a) disap

peared. This indicates that practically all the members unloaded at

the same time.

The maximum requ'ired plastic hinge rotation of the beams is 0.019,

a value which can usually be developed for beams with large shear spans.

The required plastic hinge rotat'on of the wall is 0.005, which is smaller

than the available plastic hinge rotation of the wall, 0.014, according

to the experimental data (Table 4). Since no plastic hinges appeared

in any of the columns" no collapse mechanism of the building could

develop, even though plastic hinges began forming at both ends of each

beam. The maximum mm~nt in the columns never exceeded 0.634 of their

yield moments during the entire response.

7.3.1.2 Internal Forces of 'Wall

Since the wall is located a"long the centerline of the wall frame,

the horizontal ground excitation~; have very little effect on its axial

force. The vertical ground excitations were not considered in this

study. The refore, the axi a1 forces of the wa 11 e1emen ts remai ned

approximately constant throughout the analyses.

The relationship between the base moments and the base shears of

the wall at every five time step:; of the first two seconds of the ground
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excitations are shown in Fig. 7.7. The sequence of occurrence of each

individual event is indicated by the arrows connecting them. As previ

ously discussed, the tests of the wall specimens were carried out accord-

ing to the most critical Mu/Vu ratio obtained from the elastic response

spectrum analyses of the prototype building. This ratio is indicated

in Fig. 7.7 by the line marked with MIV = 518 inches. Although the
u u

relationship between Mu and Vu of the wall specimens is shown to move

along this line, it is obvious from this figure that the MIV ratio
u u

used in the tests is not the most critical one. The most critical ratio

shown in Fig. 7.7 occurs at 3.46 seconds, with an Mu/Vu ratio of 446

inches. If the wall specimens were tested under this ratio up to failure,

then the base shear of the wall specimen would exceed its shear capacity

before the maximum moment capacity of the wall specimen could be reached.

More specifically, premature shear failure of the wall would occur

before the wall could develop large ductility. Hence, this ratio was

deemed critical because it indicates that brittle failure of the wall

could occur when the building is subjected to very severe seismic ground

excitations like the derived Pacoima base rock motion. This is so

because the test results which indicated that the wall was highly ductile

(displacement ductility greater than 4.2, cyclic displacement ductility

greater than 8.4) were obtained under an MS/VS ratio considerably larger

than the one that actually might be developed.

The maximum shear of the wall (which is directly printed as an out

put by the computer) was 2650 kips, occurring in a time of 3.46 seconds.

The corresponding value of the base moment was not obtained. This was

because the time of 3.46 seconds did not coincide with any of the times

corresponding to the five time steps at which the member forces were
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output during the dynamic analysis; hence, the base moment at this time

was not printed and remained unknown. Therefore, the resulting maximum

wall shear (and corresponding MB1V B ratio) cannot be shown in Fig. 7.7.

The moment diagrams of the II/all at three critical time steps are

shown in Fig. 7.8. For similar Jase moments, MB, shown in (a), (b) and

(c) of that figure, the corresponding base shears, VB' are 2109 kips,

1409 kips and 2078 kips, respectively.

7.3.2 Response to El Centro Earthquake Record (0.33 g)

The first second of the El Centro record was omitted in the analysis

because it contained accelerations with small amplitudes. The analytical

results are schematically shown in Figs. 7.9 through 7.13.

For the first response cycle (from T = 1.0 sec. to T = 2.2 sec.),

the plastic hinges formed at various locations of the beams first, Fig.

7.11(a). These hinges were unloaded after a value for T of 1.99 seconds.

For the second response cycle (T = 2.2 sec. to T = 3.2 sec.), however,

the hinges formed at the bottom of the wall first. Comparing Figs.

7.11 (a) and 7.11(b) with Fig. 7.6(a), it was found that the sequence of

plastic hinge formation is stron91y dependent upon the type of ground

excitations acting on the structural system.

The maximum plastic hinge rotation of the beam and wall elements

is 0.0086 and 0.0018, respectively. The maximum moment of the columns

is less than 0.49 of their yield moment.

The relationship between the base moments and base shears of the

wall occurring simultclneously at consecutive time steps are shown in

Fig. 7.12. The sequence of occurrence of each pair of values is indi

cated numerically. It is also clear from this figure that the Mu/Vu
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ratio used in the tests of the wall specimens was not the most critical

one that can be expected. The most critical MIV ratio shown in thatu u

figure, 399 inches, occurred at 2.71 sec. (indicated by the sequence num-

ber 18). The maximum shear force of 2234 kips was also developed at

the same time (2.71 sec.). It can be seen from Fig. 7.7 that the maximum

base shear, VB' did not occur simultaneously with the maximum base moment,

MB. This is contrary to the situation during the tests wherein the maxi

mum VB always occurred simultaneously with the maximum MB. However, Fig.

7.7 also shows that the value of MB (10.1 x 10 5 k-in., at 2.83 sec.) cor

responding to the maximum VB was larger than the yield moment of the wall

(8.1 x 10 5 k-in.). The maximum shear was reached when the wall was

strained in the flexural strain-hardening range, and the shear increased

to values larger than that which would have resulted from the MB/V B ratio

used in the tests. Therefore, the combination of maximum VB with a large

MB can produce a critical loading condition.

The moment diagrams of the wall are shown in Fig. 7.13. The corres

ponding base shears for diagrams (a), (b) and (c) of this figure are

2234 kips, 1741 kips and 2022 kips, respectively.

7.3.3 Concluding Remarks

By using the ductile model and other idealizations previously dis

cussed, the overall performance of the prototype building under the

derived Pacoima base rock (0.4 g) and El Centro earthquake ground motions

normalized to a peak acceleration of 0.33 g can be described as follows.

(1) The sequence of plastic hinge formation is very sensitive to

the interaction between the dynamic characteristics of the ground excita-

tions and those of the structure.

(2) There is no danger of structural members (including walls)

failing in flexure. The required plastic hinge rotations of the members
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(3) As long as the wall remains ductile, the columns will remain

elastic. Therefore, there is no (anger of a collapse mechanism develop

ing for the building.

(4) The required shear caoacity of the wall when the building is

subjected to the Pacoima (0.4 g) and El Centro qround motions (0.33 g),

2650 kips and 2234 kips, respectively, exceeds the shear capacity of the

wall estimated from the experimental data, 2230 kips. Therefore, the

\'Jall could fail in shear. For this reason, analyses using a ductile

model cannot adequately describe the resoonse of the building if the

wall elements failed in shear in the lower few stories.

7.4 MEMBER FAILURE CRITERIA

Depending on the £eometry, amount and detailing of reinforcement,

and loading condition, a reinforced concrete member could fail in shear,

in flexure, under high axial force, or due to a combination of two or

all of these internal forces. Possible types of failures of the proto

type building members will be discussed herein.

7.4.1 Framed Wall

The type of wall failure which might occur depends mainly on the

loading condition of the wall. As shown in Fig. 7.7, if the wall is

loaded in such a way that its M IV ratio is less than 300 inches, its
u u

shear capacity will be exceeded before yielding, and it might undergo

a brittle shear failure. Otherwise, the failure will be of a flexure-

shea r type.

A parameter extensively used to evaluate the inelastic behavior

of a member is the maximum plastic hinge rotation capacity. This para

meter also depends on the loading conditions (shear span, amount of axial

127
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force, etc.) and the loading history of the member. For example, having

the same loading conditions, monotonically loaded Specimen SW 1 had a

larger plastic hinge rotation capacity (0.023) than that of cyclically

loaded Specimen SW 2 (0.014). As discussed in Sect. 7.3.1.2, the Mu/Vu
ratio of the wall is not fixed when the building is subjected to seismic

ground excitations. With the limited experimental data available, it

is difficult to define the shear capacity and plastic hinge rotation

capacity of the wall according to its loading condition (relationship

among internal forces) and loading history. For simplicity, the maximum

shear capacity of the prototype wall will be taken as the corresponding

value obtained from the tests, i.e., 248 kips x 9 = 2230 kips, dnd the

plastic hinge rotation capacity of the wall will be restricted to 0.014.

Whenever the shear or plastic hinge rotation of the wall element exceeds

these limits, this wall element is considered as failed in the computer

program. Treatment of the failed elements in the computer program will

be discussed in Sect. 7.5.

7.4.2 Columns

The axial force due to gravity loads for the columns in the upper

few stories is small. The external columns in these stories may be

loaded into tension under certain circumstances. Therefore, there is

a possibility of these columns failing in shear or in flexure-shear.

The columns located in the bottom story are subjected to very high

axial compressive stresses. According to the analytical results of

Sect. 7.3, the axial compressive stress of these columns ranges from

365 psi to 1450 psi, or their axial force ranges from 0.2 Pb to 0.78 Pb,

when the building is subjected to the ground excitations as described

in that section. The lateral reinforcement of these columns were designed
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and provides such a high shear capacity that no problem of shear failure

ever arises. Under such high axial force (0.78 Pb), however, the avail

able ductility or plastic hinge rotation capacity of the column will be

small. Unfortunately, no reliable data on the plastic hinge rotation

capacity of these columns are available. To roughly estimate how large

it will be, the experimental results of Kustu [44J and Hisada [45J are

eva1uated.

7.4.2.1 Experimental Results of Kustu

The column section used in Kustu's investigation was 12 inches by

12 inches, and was reinforced with ten longitudinal #4 rebars. The

column was 36 inches long and was subjected to moment with the same

magnitude and direction at both ends as well as axial force. For column

model 7, the plastic hinge rotation capacity estimated from its M - ep

diagram is approximately 0.01 radians. The maximum nominal unit shear

stress of this column ~,as 7.1~! and the axial force was 144 kips

(0.6 Pb, corresponding to an axial stress of 1000 psi).

7.4.2.2 Experimental Results of Hisada

The column section of Specimen A-P
w

O.9 is shown in Fig. 7.14.

The length of the column was 60 i~ches (1500 mm) and was subjected to

a loading condition similar to that described by Kustu. The column

was subjected to very high axial stresses [1700 psi (1/3 f~)J and high

nominal unit shear stre'ss (7.8 ~~ ) yet maintained ductile behavior.

The maximum plastic hinge rotatior estimated according to Fig. 7.14

is approximately 0.01. It should be noted, however, that this column

specimen had been subjected to 30 full loading reversals around

R = ± 0.01 and six full loading reversals around an R = ± 0.02. If
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it had been loaded monotonically, or subjected to fewer loading reversals

in the low ductility range, its plastic hinge rotation capacity might

have been larger.

7.4.3 Beams

For beams designed according to Eq.(26-3), Chap. 26 of the UBC,

there is usually no danger of shear failure. Since the length-to-total

depth ratio of the beams in the prototype building is relatively large,

they should be able to develop large plastic hinge rotation capacity.

(The length-to-total depth ratio of the spandrel beams is 9.1, and that

for the beams consisting of flat slabs is 27.) According to the analy

tical results of Sect. 7.3, therefore, no danger of beam failure is

expected.

7.5 MODIFICATION OF PROPERTIES OF FAILED MEMBER

The SERF computer program [42J was modified to accommodate member

failures. According to the analytical results discussed in Sect. 7.3,

the wall element will fail first. The primary purposes of the investi

gation herein are to study the overall behavior of the building after

wall failure and to determine the required plastic hinge rotation capa

cities of the beams and the columns for avoiding complete collapse of

the building. In the analyses, the ductile model was adopted for beams

and columns,. and the failure model was adopted for the wall.

A progressive failure model [42J was selected for the wall for

the following reason: If the wall strength is removed immediately after

its failure, the unbalanced nodal force will become too large an impul

sive load for the remainder of the building because of the large moment

and shear capacity of the wall element that has to be removed. In

order to obtain accurate results using SERF, it is necessary to keep



the incremental inertial force small in each time step. A sudden removal

of all the strength of the wall element after it failed will violate

this principle. As indicated in the PT - 63R diagrams of the wall

specimens (Figs. 5.5 to 5.8), wall strength dropped gradually even after

failing in shear. It was also observed in the tests that the wall speci

;i1ens maintained their axial force carrying capacity up to the stage where

the spirals of their edge columns broke. For these reasons, the wall

properties after failure were modified as follows.

(1) After a wall element failed, its axial stiffness and axial

force carrying capacity remained unchanged (Fig. 7.16).

(2) If the wall E~lement fai"ls in flexure, i.e., the plastic hinge

rotation of the wall e-Iement exceE~ds its capacity, its yield moment will

be reduced according to Figs. 7.1:i(a) and 7.16, starting from the same

time step that failure is detected; its flexural stiffness will be

reduced according to Fig. 7.15(b) starting from the next time step.

/\s shown in Fig. 7.15, eight steps after failure, the strength and stiff

ness of the wall element is reduced to 30 and 0.5 percent of its original

val ues, respecti ve ly. Wi th the same reducti on rate, the strength and

stiffness of the wall element are nearly all removed after 20 steps.

(3) The amount of yield moment to be reduced at the same time

step when shear fail ure in the walle lement is detected wi 11 be di scussed

in the next paragraph. In subsequent steps, the yield moment of the

wall will be reduced according to Fig. 7.15(a). Similarly, approximately

20 steps after failure, the strength of the wall element is neglected

altogether.

Immediately after the shear failure of the wall element is detected,

the yield moment of the wall will be reduced in such a way that, after
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this moment correction, the new shear force in that wall element will

not be higher than its shear capacity. To determine if the shear wall

fails in shear, the shear force of the wall, V, is computed according

to the following equation;

M1 + M
J

V = H (7.5)

in which M1 and MJ are the existing moment at nodal points I and J of

that wall, respectively, at the instant of the time under study, and

\'Jhere His the story hei ght. If thi s computed shear force is hi gher than

the shear capacity of the wall, then failure in shear occurs, and the

yield moment of that wall element must be reduced as described in the

flow chart shown in Fig. 7.17. The values of MI and MJ will be reduced

automatically according to the yield state. Hence, after this correc-

tion, the V value will be below the shear capacity of the wall. Symbols

My and Vmax in the flow chart denote the yield moment and shear capacity

of the wall, respectively.

7.6 RESULTS OF NONLINEAR DYNAMIC ANALYSES - FAILURE MODEL

The ground excitation selected for the first analysis is the

derived Pacoima base rock motion, with a maximum ground acceleration

of 0.4 g. From this analysis, it was found that no collapse mechanism

of the building could be formed with this particular excitation. To

study the collapse mechanism of the building, a similar analysis was

carried out using the same type of ground excitation, but with its

maximum acceleration normalized to 0.5 g. That is, at each time interval,

the acceleration intensity of the derived Pacoima base rock motion was

multiplied by a factor of 0.5/0.4.
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7.6.1 Response to 0.4 g Derived Pacoima Base Rock Motion

7.6.1.1 General Response and Sequence of Wall Failure and Plastic
Hinge Formation

The comparison between the roof and first floor displacements

obtained by using the ductile and failure models is shown in Fig. 7.18.

As expected, before the wall element failed in shear, the response of

the building to the derived Pacoima base rock motion is identical for

these two models (Fiqs. 7.4 and 7.18). At 2.80 sec., after plastic

hinges formed at both ends of the wall element in the first story and

several locations of the beams, the wall element in the second story

failed in shear. Two steps later at a value of T = 2.82 sec., the

wall element in the first story also failed in shear.

The sequence of plastic hinge formation and member failure from

2.64 sec. to 2.86 sec. is shown in Fig. 7.6(b). At 2.90 sec .• before

the plastic hinges appeared at the bottom of the columns, some plastic

hinges in the beams started to Lnload. At 2.94 sec .• when plastic

hinges formed at the bottom of Column Lines 2 and 3. nearly all the

plastic hinges in the beams above the third story disappeared. Finally,

a sidesway collapse mechanism was nearly formed in the bottom two sto

ries of the building at 3.15 sec. [Fig. 7.6(c)J. When the formation of

the plastic hinges of the building is similar to that shown in Fig. 7.6(c).

the building behaves like a structure with soft. first two stories.

7.6.1.2 Moment Diagram of Wall and Column

The moment diagrams of the wall and of a typical column. before

and after wall elements failed in the first two stories, are shown in

Fig. 7.19. After the wall failed in the first two stories. the shear

force of the wall (indicated as the slope of the wall moment diagram)

was concentrated at the third story. Before the wall elements failed.
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the moment in column 1 was very small. After failure, the elements of

column 1 in the first two stories deformed like a long column, as

indicated by the second moment diagram of this column in Fig. 7.19.

The moment diagrams of other columns (not shown) are similar in shape

to that of column 1.

7.6.1.3 Story Shear and Transferring Mechanism

At 2.77 sec., the total second story shear was 2750 kips. Only

16 percent of this shear force (780 kips) was resisted by the columns.

Twenty time steps after the wall failed in that story (T = 3.01 sec.),

the total second story shear became 3110 kips, all resisted by the

columns. At the same time, the total third story shear was 2140 kips.

However, 180 percent of this shear force was taken by the two walls

(3968 kips), and -80 percent (1828 kips) was taken by the columns.

The free-body diagram of the distribution of the second and third story

shear is shown in Fig. 7.20. This free-body diagram was drawn accord

ing to the assumption that all ductile frames take the same amount of

shear force. From Fig. 7.20, it can be seen that about 1450 kips of

shear force was transferred to the third story wall through the second

floor slab connected to the right side of the wall. The average shear

stress in that wall-slab connection was 650 psi (9~). The slab could

be severely cracked under such a high shear stress.

7.6.1.4 Required Plastic Hinge Rotation of Beams and Columns

After the wall elements failed, building displacement at the levels

of the first two stories rapidly increased. This can be clearly observed

in Fig. 7.5 where the lateral deformation shapes of the building are

indicated by short dashed lines. The maximum drift of the first story

obtained in the analysis using a ductile model was 0.006. Using a

failure model, this value increased to 0.028. The required plastic



hinge rotations of the beams and columns using the failure model were

0.033 and 0.019, respecti ve ly, compared with those val ues obtai ned

using the ductile model, 0.019 and 0.0, respectively. It is clear from

these values that wall elements should be kept ductile in order to con-

trol structural and nonstructural damage to the building.

7.6.1.5 Column Axial Force and Possibility of Column Failure

The maximum axial compressivE~ force in the interior and exterior

* **columns was 749 kips (0.68 Pb) and 578 kips (0.78 Pb ), respectively.

The corresponding axial stress wa~, 1300 psi and 1445 psi, respectively.

One important factor which is not considered by either the USC or this

nonlinear dynamic analysis is the vertical ground acceleration. As

discussed in Sect. 3.6,. vertical ~Iround accelerations have little effect

on the ductility of the wall since the wall is subjected to a relatively

small axial force. Nonetheless, vertical ground accelerations become

critical for columns if the peaks of the axial force developed by the

vertical acceleration coincide with the maximum axial force response

due to horizontal ground accelerations. The total axial compressive

force in the exterior column could have reached 1.0 Pb had the vertical

ground acceleration been considered. Under such a high axial compressive

force, the column may not be able to provide the required rotation capa-

city, 0.019 (Sect. 7.6.1.4), to pr~vent the building from collapse.

* The Pb value of interior columr.s (24 in. x 24 in., reinforced with
twelve No. 10 bars) is equal to 1105 kips. This value is computed
according to the actual strength of materials used in the models, i.e.,
fy = 73 ksi, and f~ = :;.3 ks i • If the code specifi ed strength of mater
ials is used, i.e., f = 60 ksi, and fc = 4 ksi, then Pb will equal 875
kips (without ¢ factot). The designed axial force of interior columns,
1230 kips, is equal to 1.4 Pb, being the Pb computed according to code.

** The Pb value of extE'rior columns (20 in. x 20 in., reinforced with
twelve no. 10 bars) computed accor'ding to the actual strength of mater
ials and to the code is 740 kips and 580 kips, respectively.

135



136

7.6.2 Response to 0.5 g Derived Pacoima Base Rock Motion

The results from this ground motion are similar to those discussed

in Sect. 7.6.1, except under this intensified ground motion, wall ele

ments failed earlier (at T = 2.76 sec.) and the collapse mechanism of

the building formed at 2.98 seconds. However, since all members had a

strai n-hardeni ng sti ffness of 2.5 percent, even after the co 11 apse mech

anism formed and with the influence of the P-6 effect, the building

will not collapse if its beams and columns remain ductile. The time

history of the floor displacements is shown in Fig. 7.21, and the sequence

of plastic hinge formation between 2.73 sec. to 3.01 sec. is shown in

Fig. 7.22(a).

At 3.01 sec. there are already two more plastic hinges than re

quired to develop a collapse mechanism. These two extra plastic hinges

were located at the second story of columns 2 and 3 (indicated by sequence

number 39). After 3.04 sec., the plastic hinges shown in Fig. 7.22(a)

began to unload. At 3.25 sec. the plastic hinges with different sense

appeared at the bottom of columns 2 and 3. The location of the plastic

hinges at 3.75 sec. is shown in Fig. 7.22(b).

Comparing Figs. 7.6(c) with 7.22(a), two different collapse mech

anisms are shown to form in the building under a similar type of ground

motion with different intensities. The lateral deformation shapes of

the building corresponding to these two collapse mechanisms are shown

in Fig. 7.5.

The maximum column plastic hinge rotation of 0.025 occurred at the

bottom of column line 2, at 3.84 seconds. The maximum plastic hinge rota

tion of the flat slab beam, 0.042, occurred at the eighth floor beam

of the wall frame when reaching 3.34 sec., and that of the spandrel beam,



0.026, occurred at the third floot beam of the ductile frame at 3.34

seconds. It is doubtful whether such a large rotation, 0.025, can ever be

developed in a column with high axial compressive force. If the plastic

hinge rotation of the columns werE! restricted to 0.01 as estimated in

Sect. 7.4.2, then the building would have collapsed at 3.44 sec., at

which time the plastic hinge rotation at the bottom of column lines 2,

3 and 4 exceeded the limit value of 0.01. The roof displacement of the

building at this time was equal to 17.5 in. Compared with the maximum

plastic hinge rotations, 0.026 and 0.035, developed in reinforced con

crete cantilever specimens B 33 and B 351, respectively (Table 11 and

Ref. 12), the amount of plastic hinge rotation, 0.042 and 0.026, should

be tolerable for flat slab and spandrel beams, respectively, belonging

to the prototype building.

7.7 DYNAMIC RESPONSE OF PROTOTYPE BUILDING WITH STIFFER AND STRONGER,
WALLS

In the original dE~sign of thE prototype building, two N-S framed

walls were selected (Chapter 2). Due to the interaction with the duc-

tile frames of the building, thesE two walls could fail in shear when

the whole building responds to severe seismic excitations. It is usually

desirable to increase the number of the walls and, consequently, to

increase the degree of indeterminacy of the main lateral force resist-

ing system of the building. In general, the larger the degree of ex

ternal (support) indeterminacy of a structural system, or the 1arger

the degree of indeterminacy of the less redundant story, rather than

that of the overall structure, the larger the probability that it can

survive an earthquake. Furthermore, application of the AIJ Code [26,27]

has shown that the total shear force for which the walls of the proto-

type bUIlding should be designed is 460 percent of the unfactored value
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specified by the UBC (536 kips, Sect. 2.2) It is for this same reason

that if design is carried out according to the AIJ Code, a minimum

number of four walls is required [27J. For these reasons, it was decided

to investigate the response of four, rather than two, walls in the pro

totype building. Two cases were studied. In the first case, four walls

were designed according to UBC requirements. Hence, the total strength

of these four alternatively designed walls is approximately equal to the

*total strength of the two prototype walls. In the second case, the

seismic response of the building consisting of four walls, each identical

to the prototype wall, was studied. In this manner, the strength and

stiffness of the main lateral force resisting system of this building

is twice as large as the corresponding values of the originally designed

building.

7.7.1 Prototype Building with Alternative Design

Based on the same code provisions, it is possible to make several

different designs of the main lateral force resisting system of a build

ing. These different designs do not necessarily ensure that the build-

ing will have the same safety against a major earthquake. It is there-

fore desirable to study the possibility of improving the overall behavior

of the prototype building with an alternative UBC design. The floor plan

of this building is shown in Fig. 7.23, and indicates the four N-S

framed walls.

7.7.1.1 Design of Four Framed Walls

These alternatively designed walls also consist of wall panels and

spirally reinforced edge columns. The design procedures are similar

* The prototype wall is referred to as the wall used in the original
design.



to those discussed in Sect. 2.2. The total design base shear for the

entire building is 950 kips, the total design torsional moment is 8550

k-in., and the design dead and live loads per wall are 782 kips and 98

kips, respectively.

(a) Design of Outside Walls

(i) compression column
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p
u = 1.4 (782 + 98 + 900) - 3323 kips
¢ 0.75-

where 900 kips is due to overturn~ng moment.

Using a 28 in. x 28 in. column with twelve #9 rebars:

Pu = 0.85 x 4 x (28 x 28 - 12) + 60 x 12

= 3345 kips > 3323 kips

(ii) column spirals

(7.6)

(7.7)

If #5 rebars are used at 2-3/4-in. intervals:

4A"s
Ps = i)2 =

s
4 x 0.31 = a 0180 > 0.017925 x 2.75 . (7.9)

=

(iii) tension columns

1.4 x 900 - 0.9 x 782 =0.9 618 kips (7.10)

Using twelve #9 rebars:

P = 12 x 60 = 720 kips > 618 kips
u

(i v) wa 11 panel

v
u = 2.8 x (950/4 + 51.6) = 952 kips
¢ 0.85

Selecting an eight-in. thick wall panel:

v
- u - 952000 - 531 .' - 8 4 i.f'1 1o/-fIvU -<jJbd-8x(0.8x280)- pSl-. YI C < C

(7.11)

(7.12)

(7.13)
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and

v = 21fT = 127 psi
c c

If #6 rebars are used in a single layer for horizontal reinforcement,

s = 0.44 x 60000
(531 - 127) x 8 = 8.2 in. (7.12)

use S = 8 in.

The vertical panel reinforcement was selected to be the same as

the horizontal reinforcement.

(b) Design of Inside Walls

Following the same design procedure, the size of the edge columns

of the inside walls was selected to be 28 in. x 28 in., reinforced

with nine #9 rebars to fulfill the design tensile and compressive force,

475 kips and 2150 kips, respectively. The same amount of spiral was

selected: #5 rebars at 2-3/4-in. intervals. The design shear force,

Vu/¢' for these walls is 855 kips. The thickness of the wall panels

was selected to be eight in.; these panels were reinforced in both direc

tions with a single layer of #6 rebars at twelve-in. intervals.

These computations indicate that the gravity loads governed the

design of the edge columns. Even though very small reinforcement ratios

were selected for these columns (0.015 and 0.011), the longitudinal

reinforcement of the tension columns was slightly overdesigned. Although

the two systems of walls were designed to carry the same lateral loads,

the sum of the actual flexural strength and of the flexural stiffness

capacities of these four walls are 122 and 150 percent of the corres-

ponding capacities of the two prototype walls of the original design.

The sum of the shear capacity of these four walls, however, is the same

as that of the two prototype walls.



7.7.1.2 Response to 0.4 g Derived )acoima Base Rock Motion

The analytical model for the building with the alternative design

is similar to that of thE~ original building. The model for the alter

native design is similar to that shown in Fig. 7.1 except that the left

and ri ght frames represent the si x I~-S ducti le frames and the four N-S

wall frames of the building shown in Fig. 7.23, respectively. The total

sti ffness of the frarre system of thE! buil ding with alternati ve des i gn

is slightly less than that of the original design. This is because four

of the columns, which in the original design formed part of the frame

system, now become part of the wall~;.

The tirre-history of the floor displacement of the building with

alternative design is shown in Fig. 7.24. To permit comparison, the

time-history of the floor displacemE~nts of the building with different

designs are shown i.n Fig. 7.25. ThE: sequence of plastic hinge forma

tion and failure of the walls is shown in Fig. 7.26. This figure indi

cates that the pl asti c hinges were fi rst formed at the bottom of the

wall and at the left end of the six beams located in the sixth bay at

2.63 seconds. A few steps later, th= second story wall element failed

in shear.

Due to the restraint provided by the frame system, the wall tended

to be loaded with a smaller shear span than that of the cantilever walls

acting alone. Consequently, the walls could have failed in brittle shear.

In theory, if the total stiffness of the walls is increased, the frame

system should put less restraint on them. However, although the total

stiffness of the four walls of the building with alternative design was

50 percent larger than the corresponding val ue of the two prototype walls,

the former failed earlier (Fig. 7.25). One reason for the earlier failure
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of the stiffer walls follows.

After the plastic hinge formed at the base of the wall, the stiff

ness of the wall system was greatly reduced. Because only a few of

the beams yielded when the wall yielded, the frame system offered rela

tively more restraint to the wall. The larger amount of initial flexural

stiffness in the four alternatively designed walls had little effect

on the restraint provided by the frame system after the wall yielded.

Thus, the advantage provided by having large initial stiffness of the

four alternatively designed walls was lost as soon as the walls yielded.

Since the sum of the flexural strength of the four walls is 22 percent

higher than that of the two prototype walls, and the dynamic response

of these two systems shows that the minimum values of the shear span

were very similar, the total shear developed in the four walls can be

higher. Although the shear capacities of these two systems of walls

are the same, the four walls which developed higher shear failed earlier.

After 2.80 sec., some of the plastic beam hinges shown in Fig.

7.26(a) started to unload. At 2.87 sec., when the plastic hinges

formed at the bottom of columns 2 and 3, all the plastic beam hinges

above the second floor disappeared. Finally, a near-collapse mechanism

similar to that shown in Fig. 7.6(c) was formed at 3.10 sec. [Fig.

7.26(b)].

Under the same seismic excitations, less plastic hinges formed in

the beams of the building with stiffer walls [compare Figs. 7.26(a) with

7.8(b)]. However, the maximum plastic hinge rotation of the beams and

columns of the building with alternative design were 0.8G7 and 0.052,

respectively; these values are considerably larger than the correspond

ing ones of the original building, 0.033 and 0.019, respectively.



Judging by these 1arge l~otati on requi rements, both the col umns and beams

of the alternatively designed building could fail.

7.7.2 Building with Four Prototype Walls

The fundamental pel'iod of the building with four prototype walls

was 0.76 sec.. which is smaller than that (0.87 sec.) of the proto

type building. (The latter consisted of only two prototype walls.)

However, the mode shapes of these two bui ldings were similar.

The analytical results of the dynamic response of the building with

four prototype walls to the 0.4 g derived Pacoima base rock motion are

schematically shown in Figs. 7.25, 7.27 and 7.28. Since the wall system

of this building had twice the moment and shear capacities of those of

the wall system of the prototype building (the latter was desi9ned ac

cording to USC provisions), no member failure was found during the whole

response history. Although the designed earthquake force of this build

ing is twice as large as that specified by the USC, yielding still

occurred at the bottom of the walls and at both ends of the beams as

shown in Fig. 7.27. This indicates that the earthquake force specified

by the USC for the prototype building (fundamental period = 0.137 sec.)

is considerably lower than that which can be developed in the building

under severe earthquake ground motions.

A comparison of the analytical results from this building with

those from the prototype building using the ductile model (Sect. 7.3.1)

is shown in Table 15. This table indicates that the improvement in

overall performance of the building with four prototype walls is not

very significant under a ground motion like the derived Pacoima base

rock motion. The maximum displacements and required plastic hinge rota

ti on capaciti es of the walls and beams were reduced by only 30 percent.
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Under this type of ground motion, it is therefore economical to keep

the walls of the original prototype building, making them very ductile.

~10re specifically, it is desired to increase the shear capacity of the

walls to avoid the brittle shear failure.

7.8 CONCLUDING REMARKS

From the information obtained from analyses using different models

(ductile and failure), some observations can be made regarding the per

formance of the prototype building under seismic excitations.

(1) The behavior of the building under severe seismic ground

excitations is satisfactory if its wall elements remain ductile.

(2) The required shear capacity of the wall (assumed to be an

infinitely ductile flexural member), 2651 kips, is 1.S times higher than

the ultimate design shear capacity required by the UBC provision, 1765

kips (Sect. 2.2.2). This value is also 1.2 times higher than the actual

shear capacity of the wall estimated from the experimental results,

2230 kips. Therefore, more stringent code provisions are needed to

guarantee ductile behavior of walls.

(3) By using the failure model, the maximum first story drifts

of the building under response to the derived Pacoima base rock motion

with maximum ground accelerations of 0.4 g and 0.5 9 are 0.828 and

0.030, respectively. Judging from these values, it is believed that

even if the building did not collapse after the wall elements failed,

the structural and non structural damages as well as the residual deform

ations in the first two stories of the building after the earthquake

excitations would be so large that repair would be difficult and costly.

(4) The danger of total collapse of the building when subjected

to ground excitations like the derived Pacoima base rock motion with a



maximum ground acceleration normalized to 0.5 g is great.

(5) Depending on the characteristics of ground motions, different

collapse mechanisms can develop in the prototype building after its

wa 11 s fail.

(6) Comparison of nonlinear dynamic analyses results with those

obtained from elastic spectrum analyses show that, although the latter

yield better results than analyses of the building with UBC specified

lateral forces, the use of elastic spectrum alone does not permit accur

ate prediction of the critical MB/V B ratio of the wall. However, in

this particular case, by reducing 2.75,2.25, and 1.65 times the flexural

stiffness of the wall in the first three stories according to the test

results (Sect. 6.5), the elastic response spectrum analyses provided

better results.

(7) Due to the interaction between the walls and the frames of

a building with a dual seismic resisting system, the movement of the

walls in the upper stories are usually restrained by the frames. In

creasing the elastic stiffness of the walls has little effect on the

restraint provided by the frames, especially after the walls yield.

(8) Increasing the shear capacity of the walls is a very efficient

method of improving the overall performance of the prototype building

under severe seismic excitations (such as the derived Pacoima base rock

moti on).

(9) If the shear capacity of a wall controls failure, it is worth

less to increase its flexural capa:ity without increasing the shear capa

city. When a wall suddenly fails in shear, the large amount of energy

originally absorbed is suddenly released and acts as an impulsive load

(impact) on the remainder of the b~ilding. The larger the energy origin

ally absorbed, the worse the effect of this impact on the building.
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This is the reason why the performance of the alternatively designed

building was worse than that of the prototype building when subjected

to the derived Pacoima base rock motion.

(10) After the wall fails in the bottom two stories, the second

floor slab will be subjected to high shear stress which can lead to

serious cracking in the slab.

(11) Regarding the validity of the above discussions, it should

be kept in mind that while interpreting the results obtained from the

time-history dynamic analyses, these results were compared with the

results obtained in experiments which were carried out under pseudo

static conditions. Thus, strictly speaking, this comparison is not

valid, for, while the MB/V B ratio at the stage near failure was kept

constant during the experiments, such a value varies continuously during

the actual dynamic response of the building.
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8. PARAMETRIC STUDIES OF FRAMED WALL SPECIMEN

The behavior of framed walh under severe seismic conditions is

very complex, especially when thEy form part of a wall-frame system.

Depending on the relative values of the different internal forces (axial

force, moment and shear), the behavior of framed walls may bl= of a duc

tile or brittle type. Although the overall performance of the wall

specimens was excellent during testing, nonlinear dynamic analyses of

the prototype building (Chapter 7) indicate that framed walls may be

subjected to a more critical loading condition during a major earth

quake than the one to which they were subjected during the tE~stS.

Under such a critical loading condition, wall specimens may not develop

displacement ductility factors as large as those developed during the

tests.

Most of the shear wall experiments carried out in the past [17-22J

did not consider the effect of slabs. However, the test results of this

investigation suggest that slabs can offer considerable restl~aint to

prevent wide openings of the diagonal cracks passing through them, i.e.,

they act as very effective horizontal ties.

Without carrying out another series of experiments, the finite

element analysis technique was selected to study the effect of shear

span and slabs on the j)ehavi or of the Wi! 11 speci men under sei smi c loads.

L was also attempted to predict theoretically the obtained experimental

resul ts.

8.1 FINITE ELEMENT ANALYSES

The computer program, NONSAP [46J, has been developed to handle static

and dynamic, linear and nonlinear finite element analysis. The NON SAP
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computer program has six two-dimensional models. For this study, one of

these two-dimensional models (Curve-Description Model) was modified to

simulate the properties of concrete. The original program was also

slightly modified to analyze more efficiently the problems of using

this modified model.

The original curve description model assumes that the material can

take no tension and that once a crack opens perpendicular to the prin

cipal tensile direction, the crack direction will be fixed for the rest

of the solution steps. For a cracked element, axial stiffness across

the crack and shear stiffness can be individually reduced by a different

user selected factor. If a large factor is selected to reduce both

shear and axial stiffnesses (e.g., 10 4
), the cracked two-dimensional

element will become a one-dimensional element which can resist only the

stress along the. crack direction. The modified model maintains most

of the character of the original curve description model, except that

it assumes the material has a certain amount of tensile strength sup

plied by the user. Once the principal tensile strength of an element

exceeds its tensile strength, this element will be assumed to have

cracked. The entire principal tensile stress of this cracked element

will be released by applying equivalent nodal forces.

Equilibrium iteration was not programmed for this model. The

accuracy of the analysis, however, can be achieved by assigning small

load increments for each solution step or by assigning an arbitrary

number of equilibrium iterations at any solution step predetermined

by the user. This type of equilibrium iteration was introduced by

assigning two solution steps with the same external loads. In this man

ner, any unbalanced forces generated in the first step will be corrected



in the second step. This modified cracking model cannot be adopted to

perform dynamic analys'is.

8.2 COMPARISON BETWEEN TEST RESULTS AND FINITE ELEMENT ANALYSES

The finite element grids of l:he analytical model are shown in

Fig. 8.1. The reinforcement is idealized with the one-dimensional

truss elements connecting the nodes; the reinforced area is also marked

in this figure. As observed during the tests, the cracks did not pene

trate through the whole width of the slabs. Therefore, only part of

the slab was considered to provide effective restraint to prevent wide

openings of the diagonal cracks passing through them. The width of

the slabs used in the analyses, 60 in., was arbitrarily selected to be

three-quarters of the 80-in. wide slabs of the test specimens. Except

for the width of the slabs, the dimensions of the wall panels and the

edge columns, as well as the amount of reinforcement for the standard

specimen of the analytical model (Fig. 8.1), are identical to those of

the test specimens. Hmvever, to r,=duce computer time, the analytical

model was designed with only two stories. Since failure was initiated

in the first story, it is believed that this two-story analytical model

can provide useful infol"'mation regarding the behavior of the c:riti cal

regi on of the speci men tested.

The analytical modE!l was loadE!d with uniform horizontal forces at

the nodes along the upper boundary of the soecimen. The axi al forces

were applied on the samE~ nodes and were distributed according to the

variation of the axial ~,tiffness across the top section of the specimen.

The top overturning moment was applied by using equivalent vertical

forces which were distributed accoY'ding to the variation of the axial

stiffness of a cracked section.
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The stress-strain curves of the concrete and the steel used in the

analyses are shown in Fig. 8.2. The concrete curve is observed to have

very large ductility, which is characteristic of the confined concrete.

Since 64 percent of the column concrete was composed of the confined

concrete, the stress-strain curve shown in Fig. 8.2(a) represents the

~verage behavior of the column concrete. No failure criteria were pro

grammed for the unconfined wall panel concrete. The user must determine

the crushing of the unconfined concrete according to the stress output

of the program. If the stress of an unconfined concrete element reached

4.5 ksi, which corresponds to a strain of 0.0031 [Fig. 8.2(a)], t~is

concrete element was considered to have crushed.

The comparison between the overall load-displacement curves ob

tained from the tests and the finite element analysis is s~own in Fig.

8.3(a). The experimental curve is taken from the PT - 02P diagram of

Specimen SW 1 (Fig. 5.9) except that the total measured displacement,

02R , has been reduced by subtracting the displacement component at the

second floor level resulting from the measured fixed-end rotation.

This subtraction was made because in the analytical model it was assumed

that no rotation can take place at the fixed base. The experimental

curve of Specimen SW 3 (taken from Ref. 47) has better agreement with

the analytical curve. This is because Specimen SW 3 was subjected to

a lesser number of working load cycles before it was monotonically

loaded to failure. From Fig. 8.3(a) it can be seen that the analytical

curve is stiffer than the experimental curves.

The crack direction of the elements in the first story is shown

in Fig. 8.4(a). Since only the results from some selected solution

steps were printed out, the cracking load of a particular element could



not be detected. The load shown in each cracked element of this figure

corresponds to the load attained at the end of a printing step; the

element was cracked eHher beforE~ or in this step. The crack direction

agrees very well with the experimental results; see Fig. 5.102 and 6.2.

Information on the crack wi dth ard spacing between the cracks cannot

be obtained from the finite elemE,nt analysis.

The contour lines of the principal compressive stress in the first

story is shown in Fig. 8.5(a). This figure was plotted according to

the average stress in the elements. Because the principal directions

of the elements in the edge colurrns are quite different from those of

the elements in the wall panel, there is a discontinuity of principal

compressive stress existing in the column face. Figure 8.5(a) indicates

that the principal compressive stress is concentrated at the lower left

corner of the wall panel, where crushinq of the test specimen was first

initiated [Fig. 5.102(d)]. In this figure the maximum compressive

stress of the wall panl::!l is shown to have reached 4.:) ksi at the lateral

shear of 250 kips. Thl::! re fore , thl~ wall panel is considered to be

crushed at this lateral shear

The stress of the reinforcement in the first story of the analyti

cal model is shown in Fig. 8.6(a). For the vertical reinforcement, the

compressive stress is marked on its left side and the tensile stress

on its right side. For the horizontal reinforcement, the compressive

stress is marked below it and the tensile stress is marked above it.

The stress in the vertical reinforcement agrees well with the experi

mental results, but the stress in the horizontal reinforcement does

not. Before LP 90, thE' strains monitored by gages WS 1 - WS 6 of Speci

men SW 1, (Fig. 5.72 to 5.77) never reached yield strain of 0.0025.
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Therefore, the stress in the corresponding locations of the horizontal

reinforcement of SDecimen SW 1 can be converted directly from their

strain reading. According to the experimental results, the stresses

corresponding to gages WS 1, WS 2 and WS 3 at LP 90 are 30 ksi, 17 ksi

and 50 ksi, respectively. The corresponding stresses for the analytical

results are 2 ksi, 16 ksi, and 10 ksi, respectively. The large dis

crepancies existing between them may be attributed to the following

reasons: (1) the test specimen had been subjected to several loading

reversals before it was monotonically loaded to LP 90; (2) the deter

ioration of the bond between the concrete and the reinforcement was

not taken into consideration for the analytical model; (3) the analy-

ti cal resul ts represent the average stress of the reinforcement over

a length of 12.33 in., rather than the stress over the length of the

gage, 1.5 in.; and (4) the experimental results could have been affec

ted by localized cracks.

8.3 PARAMETRIC STUDIES OF WALL SPECIMEN

8.3.1 Standard Specimen Loaded with Short Shear Span

For a medium-rise wall, ductility and shear strength may be sig

ni fi cantly affected by the vari ati on of shear span. The shear span of

the wall can be approximately represented by its base moment-to-shear

ratio, MB/V B. The tests of the wall specimens were carried out accord

ing to an MB/V B of 173 in., which is equivalent to 4.5 stories high.

According to the analytical results discussed in Chapter 7, however,

the most probable critical loading condition of the wall is that corres

ponding to the approximately three-story high shear span of 119 in.

for the model specimen. The load-displacement curve of the wall speci

men loaded with this shear span is shown as Curve B in Fig. 8.3(b).
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The di spl acement ductil ity of thi s curve is much lower than that of

Curve A which is loaded with the shear span of 173 in. However, the

shear strength of the specimen loaded under the most critical loading

condition is increased to 310 kips, about 22 percent higher than that of

the specimen loaded with the sarre loading condition as the test speci

men. The wall panel of this specimen was considered to be crushed at the

lateral shear of 310 kips because its maximum stress reached 4.5 ksi

[Fig. 8.5(b)]. The analytical results for the specimen loaded with the

short shear span are shown in Figs. 8.4(b), 8.5(b), and 8.6(b). Compari

son between Figs. 8.4(a) and 8.4(b) indicates the insensitivity of the

crack direction to the loading condition. At the wall panel crushing

load, the stress in both the vertical and horizontal reinforcement of

the specimen was lower when the specimen was loaded with the short shear

span.

The maximum base moment of the specimen loaded with an MS/Vs of

119 in. is 36,900 k-in., a value considerably lower than that of the

specimen loaded with an MS/VS of 173 in., 44,000 k-in. It can therefore

be concluded that the failure mode of the former is primarily controlled

by shear since it failed before its moment capacity was reached. This

is also the reason why the principal compressive stress in the left edge

column of Fig. 8.5(b) is smaller than that shown in Fig. 8.5(a). How

ever~ the area of the wall panel subjected to high stress in Fig. 8.5(b)

is larger than that in Fig. 8.5(a), due to the higher shear force.

8.3.2 Wall Specimen without Slabs

The best method of assessing the effectiveness of the slabs, as

part of the wall, in resisting shear is to compare the behavior of the

specimen without the slabs to that of the standard specimen with slabs.
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Curves A and C~ shown in Fig. 8.3(b)~ correspond to the specimens~ with

and without slabs~ loaded with an MB/V B of 173 in. (which corresponds to

an MT = 92 V). Before the shear force reached 115 kips~ the analytical

load-displacement curves for these two specimens were almost identical.

Above this load~ a large number of wall panel elements cracked diagonally~

and the slope of Curve C became smaller than that of Curve A. At the

wall panel crushing load~ both the strength and ductility of the specimen

without slabs were slightly lower than those of the other specimen.

By comparing Figs. 8.4(a) and 8.4(c)~ it can be concluded that the

crack directions were not significantly affected by the removal of the

slabs. However~ the principal compressive stress in the first story

wall panel of the specimen without slabs [Fig. 8.5(c)] seems more con

centrated on the left side. As expected~ the stress in the horizontal

reinforcement of the specimen without slabs is much higher than that of

the specimen with slabs [Fig. 8.6(a) and 8.6(c)]. The maximum value of

the former is 60 ksi~ which is still below the yield stress~ 73 ksi. It

must be emphasized~ however~ that since the finite element analysis tends

to underestimate the stress in the horizontal reinforcement~ it is pos

sible~ in an actual case~ for some horizontal reinforcement of the spe

cimen without slabs to reach the tensile yield stress before the shear

force reaches the wall panel crushing load of 245 ksi obtained from the

analysis. If this occurs~ the specimen will fail earlier than predicted

by the finite element analysis~ and the effect of slabs in resisting

shear will become more important.

8.3.3 Specimen with Minimum Amount of Horizontal Reinforcement

According to the analytical results of the previous section~ it

can be speculated that the slabs serve a function similar to the



horizontal reinforcement in resisting shear. To demonstrate this point,

another analytical study was made. For this study, the amount of hori

zontal reinforcement of the specimen was reduced to 0.0025 (the original

value being 0.00815)" the minimum amount allowed by Section 2614{d) of

the UBC. The specimen tested wc,s designed so that 80 percent of its

shear strength was contributed by its horizontal reinforcement. Reduc-

ing the amount of horizontal reinforcement of the specimen from 0.00815

to 0.0025 will reduce its shear capacity, V , from 158 kips to 65 kips.*
u

Comparing the results of the finite element analyses of these two speci-

mens, only a very small reduction in shear strength can be detected

[Compare Curve A with Curve D, Fig. 8.3{b)J. Therefore, depending on

the amount of horizontal reinforcement used, large errors may result if

the effect of the slabs is neglected. In other words, if the failure

mode is due to yielding of the horizontal reinforcement, the presence

of slabs will increase the shear capacity of the specimen tremendously,

possibly up to 242 percent (158/65) of the strength of the specimen

without slabs. On the other hand, if the failure mode is due to crush-

ing of the wall panel before the horizontal reinforcement yields, then

the presence of slabs will not significantly increase the shear capacity

of the specimen (Sect. 8.3.2).

For the specimen with a minimum amount of horizontal reinforce-

ment, the principal compressive stress in its first story wall panel

seems more concentrated at the lower left corner. This can be observed

by comparing Figs. 8. 15{a) with 8.5{d). The specimen's crack direction

underwent little change [Fig. 8.4{d)], and its horizontal reinforcement

*The values of Vu reported here ,,,,ere ccmputed according to the USC. The
computational procedures were similar to those discussed in Sect. 9.4.2.
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had higher stress [Fig. 8.6{d)J. It must again be stated that the

finite element analysis used tends to underestimate the stress in the

horizontal reinforcement. The specimen with minimum horizontal rein

forcement could fail earlier than expected. It must also be recognized

that the wall panels of the specimen used in this investigation have a

height-to-width ratio of less than one. If a specimen consists of a

wall panel with a height-to-width ratio greater than one, a 45-degree

oriented crack, initiated from the critical lower left corner region

of the wall panel could traverse the whole cross-section of the wall

panel without running into the slabs. In this case, the slabs may not

be similar to the distributed horizontal reinforcement in resisting

shear.

8.4 CONCLUDING REMARKS

(1) The shear strength and ductility of the wall specimen are

extremely sensitive to loading conditions, particularly to the shear

to-overturning moment ratio.

(2) The crack directions in the first story of the wall specimen

are not affected by the amount of horizontal reinforcement or the

presence of slabs, but can be slightly affected by the loading condition.

Under different loading conditions, the crack directions in the upper

right corner of the first story wall panel are different [Figs. 8.4(a)

and 8.4{b)J.

(3) Since the crack directions in the critical region of the

first story wall panel have an orientation of approximately 45 degrees

(Fig. 8.4), the function of a slab when acting together with a wall

panel having a height-to-width ratio less than one somewhat resembles

that of the horizontal reinforcement.



The conclusions made above are ba:;ed on the results of the finite

element analysis. This analytical method, however, fails to take some

important factors into consideration. These include, among others,

the bond between the concrete and the l'ei nforcement, the effect of

crack width and crack spacing, and the effect of loading reversals.

A widely opened crack could lead to lo(;al yielding of the reinforce

ment traversing through it while the al'erage strain of the reinforce

ment remains below the yield strain. --he aggregate interlocking force

can be more efficiently developed if tile cracks are closely spaced

because they will be narrower. Althouqh the results of the finite ele

ment analysis show that the shear strength of the specimen vdll not

be significantly affected by reducing the amount of its horjizontal

reinforcement, it is believed that the existence of horizontal rein

forcement will lead to a better distribution of cY'acks, i.e., a large

number of narrow cracks at closer spac-ng, hence improving the overall

performance of the specimen. This kind of information can only be

obtained from experimental studies and requires further investigations.

157
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9. CONCLUSIONS AND RECOMMENDATIONS

9.1 CONCLUSIONS

From evaluation of the experimental and analytical results just

reported and their implications in the dynamic analysis and design

of wall-frame structural systems, a series of conclusions have been

drawn. Some concluding remarks have already been presented at the ends

of Chapters 6,7, and 8. The main conclusions are presented herein and

grouped in four categories. First, conclusions regarding the behavior

of the tested wall specimens will be presented. These will be followed

by an assessment of present techniques of repairing walls. Then impli-

cations of the results obtained on the overall behavior of the prototype

building under seismic excitations and on the possibility of improving

the seismic response of this building with different designs will be

discussed. Finally, conclusions will be offered for the parametric

studies of the wall specimen. It should be recognized that the conclu-

sions made are based on only the few experimental and analytical results

presented and should therefore be considered as preliminary findings.

9.1.1 Behavior of Tested Wall Specimens

The specimens were tested under the most critical MIV ratio,
u u

173 inches (2.3 d or 1.84 lw)' that was obtained from the linear-

elastic response spectrum analyses of the prototype building. The

loading condition of the specimens at their estimated ultimate state

has been shown in Fig. 3.1(4)(d). Results of tests under this type

of loading condition permit formulation of the following conclusions

regarding the overall behavior of the specimens.

(1) The approximate monotonically loaded Specimen SW 1 was able

to resist a combined force of M, 43220 k-in., and Vu' 248 kips
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[M = 1.32 M and V = 11.3 /f' b (O.H 1 )] The maximum resistance ofu y u cw w·

Specimen SW 2 subjected to cycles of "oading reversals was reduced to

98.4 percent of SW 1.

(2) Despite the high nominal un" t shear stress (11.3 ~),

Specimen SW 1 was able to develop a h"gh displacement ductility (6.1),

high cyclic ductility (8.9), large enE~rgy dissipation capacity (3507

k-in.), and large plastic hinge rotat"on capacity (0.0226 rads.). All

these values were strongly affected b~' the loading program of the speci

men. For example, the displacellent ductility and plastic hinge rota

tion capacity of cyclically loajed (irlducing full reversals of displace

ments) Specimen SW 2 were reduced to L~.2 (cyclic ductility of 8.4) and

0.014 rads., respectively, while the E~ner~IY dissipation capacity of the

specimen was increased to 7174 k-in.

(3) The incipient failure of all specimens was due to crushing

of the concrete at thei r fi rst story via 11 panel. Thi s crushi ng was

mainly introduced by the shear stresSE'S. If the specimens had been

loaded with a smaller M/V u ratio (le~,s than 173 inches), the ultimate

moment capacity and the large dlJctility of the specimens might not

have been reached. On the other hand, if the wall had been designed

for a larger shear capacity (i.e., with a thicker wall panel), it might

have been able to develop a soml~what larger moment than the ultimate

moment capacity obtained in this stud}, and perhaps a greater amount of

ductility. Thereforl~, a balancl~d design for the moment and shear capa-

city of the wall according to the most probable critical M/V ratio
u u

that could be developed in the ,,,all during its seismic response is

necessary. This M/'1 ratio can be attained from the dynamic analysis
u u

of the building as discussed in Chapters 3 and 7, and the required

shear capacity of thl~ wall can be determined by this ratio and the



160

calculated maximum moment capacity of the wall.

(4) The high curvature ductility and rotation capacity of Speci

mens SW 1 and SW 2 (Table 4) can be attributed to the spirally confined

concrete core of the edge columns of the specimens. When cyclically

loaded under high axial strains (ranging from -0.015 to 0.04 for SW 1 ~

and from -0.007 to 0.035 for SW 2)~ the column concrete cover soa11ed

off~ and the spirals prevented buckling of the longitudinal reinforce

ment of the column. This provided sufficient confinement for the con

crete core so that the compression capacity of the column could be

maintained. The closely spaced spirals also increased the dowel resis

tance of the longitudinal reinforcement which consequently increased

the shear capacity of the specimens.

(5) Gradual crushing of the edge column concrete cover had little

effect on the overall behavior of the specimens.

(6) Although loading reversals precipitated panel failure, they

:lad little effect on the strength and type of incipient failure of

the specimen.

(7) The final failure of the edge column in compression of Speci

mens SW lR and SW 2R was due to the combined effect of high shear and

axial compressive stresses.

(8) Buckling of the wall reinforcement of Specimens SW 1 and SW 2

did not occur before the initiation of crushing of the wall panel.

(9) Spa11ing of the concrete at the center of the bottom region

of the first story wall panel was due to buckling of the vertical wall

reinforcement around that region. The propagation of buckling of the

horizontal wall reinforcement might have also accelerated the spa11ing

process.
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(10) No significant distress of the anchorage of the vertical

reinforcement of the specimens at the fClundation occurred. Thus, more

1i bera 1 desi gns (such as usi ng sma 11 er E~mbedment lE~ngths for the ver

tical reinforcement) could be used for the specimens. Because of

different bond characV:~ristics of the pl'Ototype bar, this conclusion

cannot be extended to the prototyJe wall without further study.

(11) The flexural deformation was the main source of internal

energy dissipation of the specimens.

(12) After the loading stage wherE: closely spaced diagonal cracks de-

veloped in the wall panels, the section'll flexural and shear stiffness

(the slope of M. - <p. and V. - Y,. diagr'lms) decreased considE!rably, , ,
throughout the height of the specimen. At this loading stage, the wall

specimen had a very high critical dampirg ratio of 9.1 percent.

(13) Both the flexural and shear ~trengths of specimens predicted

according to UBC equations were lower Han the actual strengths of the

specimens, even without applying the stl'ength reduction factor. This

disagreement is primarily due to the difference between the specified

USC strength of materials and their actual strength.

9.1.2 Repai ring Technique of Wall Specimens_

(1) The maximum resistance of the original specimen could not

be fully restored after repairing. The maximum resistance of repaired

Specimens SW lR and SW 2R was redJced tc 88.5 and 93 percent, respect-

ively, of that of SW 1 (Table 3).

(2) The ductility, rotation capacity, and energy dissipation

capacity of the repairt~d specimen') were also substantially less than

those of the original specimens with a similar loading histoY'y (Tables

4 and 11).
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(3) After the specimen was severely cracked, 60 percent of its

initial stiffness was recovered by injecting epoxy into the large cracks.

(4) The incipient failure of Specimen SW lR was initiated by spal

ling of the wall panel concrete cover. However, spalling of the concrete

cover was caused by pushing of the already buckled vertical wall panel

reinforcement. As demonstrated by Specimen SW 2R, this type of failure

could be prevented or delayed by carefully straightening the buckled

reinforcement, putting additional reinforcement in the crushed zone, and

tying the two layers of wall reinforcement with hooks, during repair.

(5) The newly cast concrete cover of the edge columns tended to

spall earlier. This was due to the discontinuity between the original

and newly cast concrete (Fig. 5.109) as weli as the poor bond between

them.

9.1.3 Overall Behavior of Prototype Building

According to linear-elastic spectrum analyses and nonlinear dyna

mic analyses of the prototype building, as well as experimental results

of the wall specimens, the following conclusions regarding the overall

behavior of the prototype building were made.

(1) The wall-frame system designed according to UBC provisions

had sufficient strength and stiffness to resist moderate earthquake

ground motions.

(2) Under the most severe earthquake ground motions that have

been derived from recorded ground motions up to date (the Pacoima base

rock motion of 0.4 g), the performance of the wall-frame system should

be satisfactory if the premature shear failure of the walls can be

prevented. In this case, the plastic hinges would form in the beams

and walls but not in the columns, and both structural and nonstructural

damage to the building would be limited. However, nonlinear dynamic
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analyses of the prototype building indicated that values of MB/V B
smaller than that used in the tests can occur; thus, the bottom two

stories of the wall could fail in shear. In this case, the plastic

hinges would form in the columns, and the required rotation capacity

of these plastic hinges might exceed their limit. Hence, the safety

of the building against collapse would be jeopardized.

(3) Brittle wall failure could also cause the floor slab above

the story where such fa il ure occurred to be subjected to hoi gh shear

stress as discussed in Sects. 7.1.4 and 7.6.1.3. Under such high

shear stress, the slab could be severely cracked.

(4) By using elastic response spectrum analyses to estimate

the critical value of MB/V B, better results (more conservative values)

can be obtained if the elastic flexural stiffness of the wall in the

first three stories is reduced.

(5) Increasing the shear :apacity and ductility of the wall is

a very efficient method of improving the overall performance of the

prototype bui 1ding under sei smk excitati ons such as the dE~rived Pacoima

base rock motion.

(6) A brittle wall with large flexural strength is undesirable.

9.1.4 Parametric Studies of Wall Specimen

(1) The finite element technique can predict the strength, crack

pattern and failure mode of the wall specimen with reasonable accuracy,

but not the displacement ductilHy of the specimen.

(2) A decrease in the MB/V B ratio will lead to an increase in

the shear that the wall specimen can resist under this ratio, but to

a reduction in its ductility capacity.

(3) The slab acting together with the wall functions in a manner

similar to the horizontal reinforcement if the story height-to-width
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ratio of the wall is less than one.

9.2 RECOMMENDATIONS FOR IMPROVING CODE PROVISIONS AND SUGGESTIONS FOR
FOR FUTURE STUDIES

Recommendations for revising and improving UBC provisions in the

seismic design of wall-frame structural systems as well as suggestions

for future studies are presented below.

9.2.1 Wall Strength

(1) Application of UBC provisions for the design of walls leads

to a design without sufficient shear strength to prevent the premature

shear failure of the wall. Therefore, to guarantee ductile behavior

of the wall when the building was subjected to the derived Pacoima base

rock motion having a peak acceleration of 0.4 g, it was necessary to

increase the shear capacity of the wall by 20 percent. This increase was

achieved by increasing the thicknesss of the wall panel from 12 inches

to 15 inches and proportionally increasing the horizontal wall reinforce-

ment.

(2) Although the USC requirement of a large load factor, 2.8, for

designing the walls against shear is desirable from the point of view

of preventing brittle shear failure of the wall, it proved to be inade-

quate in this investigation because of the completely different distribu-

tion pattern of story shear force along the height of the building. A

recommendation for improving the design against shear failure by account-

ing for ~he effects of a force distribution pattern different from that

presently suggested by the USC will be discussed in the next item.

(3) Although the distribution of total base shear along the

height of the building as recommended by the UBC is conservative for

computing the moment capacity of the wall in a wall-frame system, it is

not so for computing its shear capacity. The shear span of the wall
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is overestimated by llsing such a distribution of base shear. Although

the correct distribution of the lateral force on the wall depends upon

the relative stiffness of the walls and frames, a rectangular distribu

tion pattern for the base shear appears to be more realistic than the

triangular pattern suggested by the USC. This rectangular pattern yields

a more realistic shear span for the wall. Therefore, in designing the

wa 11 s of a wall-frame system, it is recommended to change the di stri bu

tion pattern of the base shear from a triangular to a rectangular type

and, at the same time, to increase the base shear so as to produce the

same amount of base moment as that which is calculated according to USC

provisions. In this way, the wall will be designed for the same moment

capacity as that suggested by the USC but will have a larger shear

capacity in order to reduce the probabil ity of brittle shear failure.

(4) It is necessary to carry out linear and, if possible, non

linear dynamic analysis of the whole wall~frame system to check the

maximum shear that could probably be developed in the wall.

(5) It is recommended to overdesign slightly the shear capacity

of the wall to reduce the probatility of its shear failure due to the

uncertainty of future earthquakes and the possible errors involved in

the dynamic analysis.

(6) Further experiments should be conducted to investigate the

participation of slabs in resisting shear forces. In carrying out such

studies, it should be considered that slab participation can be affected

by the amount of horizontal web reinforcement and the height-to-width

ratio of the wall panel.

9.2.2 Comments on Table No. 23-1 of USC, Item (3) for K = 0.8

The concept of dual bracing systems for buildings is to provide

a secondary means of defense against lateral forces in the event that
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the wall system of a building fails. As discussed in Chapter 7, however,

serious problems may result if wall failure occurs. Therefore, in addi

tion to item (3) of Table No. 23-1 of the UBC, which specifies the

minimum lateral stiffness and strength of a frame system, two more

items should be considered.

(1) To ensure sufficient plastic hinge rotation capacity of the

columns, it is necessary to restrict the maximum axial force of columns

in terms of their balanced axial force, Pb• It is suggested that the

designed axial force of a column shall not exceed Pb (without ¢) which

is computed according to the code specified strength of materials.

To fulfill this requirement, the size of interior columns in the bottom

three stories of the prototype building must change from 24 in. x 24 in.

to 28 in. x 28 in., reinforced with eight #10 bars. The size of exter

ior columns in the bottom stories must change from 20 in. x 20 in. to

22 in. x 22 in., reinforced with twelve #9 bars.

(2) The shear transferring capacity of the slab must be consi

dered if the wall is externally located. Shear can be transferred to

an external wall through only one side of the slab connected to it.

To be conservative, this wall-slab connection should be able to transfer

the amount of shear equal to the shear capacity of the wall.

9.2.3 Damping

At present, a large uncertainty exists in the selection of the proper

value for the equivalent linear viscous damping that is used in dynamic

analysis. Further integrated experimental and analytical research is

needed in this area. Reliable experiments should be conducted to

determine the variations of the critical damping ratio of structural

elements and of whole buildings when they are vibrated with different
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amplitudes. Although there are some data for the values of damping

under small amplitude vibration, there is practically no data available

for large amplitude vibrations.

9.2.4 Construction Joints - Splices

Because the specimens were one-third-scale models, no splices were

required for the vertical reinforcement. In the case of real buildings

splices are necessary and are usually located in the critical regions of

the wall. Surveys of ,~arthquake damage [7,9,lOJ show that the wall regions

that were splices are usually the weakest link and that damage can be con

centrated in these regions. Therefore, it is planned to incorporate

splices in the critical regions of the wall as a new parameter in some of

the specimens to be tested in the future.

9.2.5 Foundations

The specimens tested had been cast with a rigid foundation pre

stressed to the rigid blocks of the testing facility, thus resulting in

a system with a nearly perfect rigid base. In real buildings the walls

are built in relatively more flexible foundations. Not only can these

foundations suffer some rotations as a whole (since they are not pre

stressed against rigid rock or soil), but also their flexibility may

affect the failure mechanism or failure pattern. Rather than occurring

a certain distance from the base (where a construction joint is usually

located) as in the tests, failure could occur just at the construction

joint. The effect of using more realistic foundations should therefore

be studied.
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TABLE 1 A/At RATIO OF BUILDINGS
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Mt. McKi nl ey J. C. Penney Indian Hills Four PrototypeBUILDING and ~1ed i ca1 Seasons
1200L Apt. Building Center Apt. Building

Aw 2.8 % 0.8 % 0.5 % 0.6 % 0.6 %
At

TABLE 2 CHARACTERISTICS OF MATERIALS

Parameters Specifi ed At time of Testinq
for Design Specimen SW 1 Specimen SW 2

footing 2.49 (3600) 2.56 (3710)
Concrete 2.76
Strength 1st Fl. 3.66 (5300) 3.71 (5380)

(fc I ) (4000)
kN/ cm 2 2nd Flo 3.44 (4990) 3.62' (5250)
(ps i) @28 days

3rd Flo 3.26 (4720 ) 3. 3~i (4860)

Splitting tensile stress 0.334 (484) 0.349 (506)(1st Fl. kN/cm 2 (psi)

Flexural tensile stress 0.441 (639) 0.449 (650)(1st Flo kN/cm 2 (psi)

Wall Steel f 41.4 50.7 (73,400)(#2 Ba rs ) Y (60,000)
kN/cm 2

fmax 73.0(105,800)(psi)

Col. Long. Steel fy
41.4 50.2 (72,700)(#6 Bars) ---.l§.Q,OOO)

kN/cm 2
fmax 73. 1(106,000)(ps i )

Col. Spiral Steel fy 41.4 57.1 (82,800)(0.207" ¢) (60,000)
kN/cm 2

fmax 69.7(101,000)(psi)
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TABLE 4 DUCTILITY AND ROTATION CAPACITY
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Specimen
¢y

(xlO- 4.l)ln

S~J 1 0.44
_.

SH lR 0.44***
_.

SH 2 0.312
_.

SW 2R 0.312

ll.5

3.0

3.5

3.3

10.5

10.2

12.5

0
]J 03

Rotation Capacity (Rad.)
3y Excluding FER Includin ,] FER

8 *
Btl 8'**

,
(in) 8 .

Y Y pl

6. 1 0.0207 0.0226
0.7 0.0034 0.0036

-2.8 -0.0056 -0.0063

1.9 0.004:; 0.0045
0.7 0.0034 0.0036

-·2.0 -0.0043 -0.0045

4.2 0.012:i 0.0142
0.7 0.0033 0.0039

--4.2 -0.0120 -0.0132

0.7 4.7 0.0033 0.0166 0.0039 0.0186

*

+

5
8 = L: ¢i (6£i) at yielding
y i =1

8 = 8 - 8 is defined as the plastic hinge rotation capacity
pl max y of the specimen

** 5
8' = L: cP·(IIQ,.) +8 F aty"ielding
y i=l 1 1

*** The values ¢y' 0y' 8y and 8~ of Specimens SW lR and SW 2R are
taken as the same as those values of Specimens SW 1 and SW 2,

respectively.
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TAGLE 5 ENERGY Dr ')S I PATION CLl,pt\CITY

5PECIME:1 51! 1

Displ. Ext. En2rgy InJut Internal Energy Diss. 10
Ductil ity Cycl,= 1 2 3 4 5 6 7 8 9 Error

Range
r~o . PT-03R ~1T-eT Axi a1 J: 1,2,3 M-¢ i~8-eF V-y Axial '[,5,6;1.8 4-J

<]10 < -4-
3 (KIPS-Hl) (KIPS-lin (7;)

]16 <1 1-16 51 13 9 73 9
3

-2,4 17 884 286 -39 1131 735 88 247 -3 ,) 1031 9
- 1,1 18-27 171 25 19 215 19

0,6 28 820 266 -74 1012 679 89 309 -7/[ 1003 1
1,4 29-30 140 13 2 155 32.5 13 91.5 ') 139 10'-

-2,3 31 434 154 19 607 393 28 159 19 599 1

-1 ,2 32-34 270 36 8 314 8

SUt~ 2770 793 -56 3507 -56

SPECIt~E~~ S~J lR

]1 r <1 1-7 59 12 11 82 11
()

3
8 248 90 -17 321 223 8 113 -17 326 - 1

9 258 42 15 315 184 14 175 15 308 2

-2,2 10 137 14 3 154 103 3

11 122 10 1 133 91 1

12 102 8 2 112 82 2

-6,6 13 866 68 7 941 775 7

SUM 1792 244 22 2058 22

SPECIr~E~l S~J 2R i

We <1 1-6 113 15 18 146 34 7 84 18 142 3
i,

3
I- 1,6 7 918 226 4 1148 574 135 406 4 1119 2

SUt~ 1031 241 22 1294 608 142 590 22 1261



TABLE 5 (Conti nued)
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SPECIMEN SW 2

Di sp1 . Ext. Energy Input Internal Enerqy Diss. 10
Ductility

c~c1e
1
2~

4 5 6 7 8 9 Error
Range o. PT-0 3R MT-8T Axial q2)3 M-.? MB-8r- I V-y Axi3.1 L:5J6/~8 4-9
<).1, < if

°3 (KIPS-IN) (KIPS-IN) (%)
).10 <1 1-7 26 8 6 40 13" 3.5 15.5 6 38 5

3
8 106 26 -3 129 38.5 16.5 75 -3 127 2

- 1,1 9 68 15.5 1 84.5 26.5 9 44.5 1 81 4
10 60 14 0 74 ,~

).16 <1 11-12 46 6.5 1 53.5 1
3

- 1, 1 13 60 13.5 -1 72 .5 -1
14 359 137 -38 458 297 76 126 -38 461 -1

-2,2 15 314 120 -2 432 263 63 114 -:2 438 -1
16 284 110 -2 392 -;2

17 634 256 -46 844 593 107 188 -46 842 0
-3,3 18 600 250 4 854 586 99 172 4 864 -1

19 565 238 -1 802 -1

20 943 372 -34 1281 893 136 279 -34 1274 1

-4,4 21 869 276 25 1170 25

22 457 ? 22 I 479 2:2

SUM 5404 '1837. t: -68 7173.5 -68
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TABLE 6 DISPLACEMENT COMPONENTS - SW 1

1
2

2
3

3
4 5 6 71 5 5 5

Load Fixed-End Rel. Lat. Error ]J6

Point Rotation
6FLEX . 6SHEAR n,2,3 Displ. 5-4

6' R-5- 1 .

(i n) (%) (in) (%) (in) (;n (in) (in) ( ) 6.
1y

!:- 76 0.012 4 0.163 54 0.039 30 0.264 0.300 12 0.43
+-'0

79 0.028 4 0.342 45 0.264 35 0.634 0.760 17 1. 1ro 0
.-

86 0.073 5 0.756 50 0.479 31 1.308 1.540 15 2.2
I

+-' l.L
c

88 0.138 1.177 51 0.660 1.975 2.300 14 3.3(l)u 6 29E !:-
90 0.160 6 1.425 53 0.766 28 2.351 2.700 13 3.9(l)(Y)

u
152 0.064 0.593 48 0.520 42 1.177 1.246 5 1.8ro4- 5

.- 0
D- 154 0.147 6 1.444 60 0.829 34 2.420 2.425 0 3.5
(/) 0
.~ or- 156 0.193 6 2.076 61 1.118 33 3.387 3.406 1 LL 9
o I--

158 0.249 6 2.473 58 1.488 35 4.210 4.248 1 6. 1
!:- 76 0.008 4 0.079 43 0.089 49 0.176 0.183 4 0.41

+-' 0
79 0.018 0.162 33 0.264 54 0.444 0.487 9 1. 1roo 4.-
86 0.050 0.423 43 0.479 0.952 0.990 4 2.2+-, l.L 5 48c
88 0.094 0.673 46 0.660 45 1.427 1.470 3 3.3(l)u 6

E c
90 0.109 6 0.820 48 0.766 45 1.695 1.704 1 3.4(l) N

u
152 0.044 5 0.286 31 0.520 57 0.850 0.919 7 2.0ro4-

.- 0
154 0.102 0.730 43 0.829 48 1.661 1. 713 6 3.90. 6

(/) D-
156 0.132 1.130 47 1.118 2.380 2.383 0 5.3-,.... .,... 6 47

01--
158 0.172 6 1.306 44 1.488 50 2.966 2.991 1 6.7

!:- 76 0.005 6 0.027 33 0.060 73 0.092 0.082 -13 0.36
+-'0

79 0.010 0.054 22 0.164 68 0.228 0.242 5 1. 1ro 0 4.-
86 0.029 5 0.172 32 0.351 65 0.552 0.537 - 3 2.4+-' l.L

C
(l)+-, 88 0.053 6 0.261 33 0.515 64 0.829 0.803 - 3 3.6
E (/)
(l) r-/ 90 0.062 6 0.317 34 0.616 66 0.995 0.936 - 6 4.2u
ro4- 152 0.025 5 0.099 20 0.393 79 0.517 0.497 - 4 2.2
.-0
D- 15~- 0.057 6 0.272 28 0.655 68 0.984 0.962 - 2 4.3
(/) D-

....... -r-- 156 0.075 6 0.405 30 0.900 68 1.380 1.330 - 4 5.9
01--

158 0.097 5 0.497 29 1.237 71 1. 831 1.739 - 5 7.7



TABLE 7 DISPLACEMENT COMPONENTS - SW lR

1 1 2 2 3 :3 4 5 6 7"5 "5 5"
Load Fixed-End

°FLEX. °SHEAR
Re1. Lat. Error flo

Point Rotation n,2,3 Displ. 5-4
-5- °iR

(in) (%) (in) (~~ ) (i n) (% ) (i n) ( in) on °iy

D..~ 32 0.002 1 0.193 44 0.130 30 0.325 0.440 26 0.63
.~ 0

33 0.005 1 0.401 48 0.264 31 0.670 0.842 20 1.21-0
.......

34 0.007 1 0.704 53 0.408 31 1.119 1.330 16 1.9+-' l.L
<0

69 0.005 a 0.351 25 0.942 65 1.298 1.418 8 2.0u
.~

70 0.002 0 0.502 25 1.378 68 1.882 2.030 7 2.9D.. (Y')
VI

71 -0.009 0 0.696 25 1.923 69 2.610 2.790 6 4.0.~ 4-
00

72 -0.048 -1 0.9"11 25 2.648 72 3.511 3.660 4 5.2
D..~ 32 0.001 1 0.102 40 0.130 50 0.232 0.258 9 0.57
.~ 0

33 0.003 1 0.221 43 0.246 47 0.488 0.520 6 1.21-0
.......

34 0.005 1 0.399 47 0.408 48 0.812 0.850 4 1.9+-' l.L
<0

69 0.004 0 O. 2:~O 19 1. 166 1. 180 1 2.6-0 0.942 80·c
70 0.001 0 0.295 18 1.378 82 1.674 1.680 0 3.7D..N

V1
71.~ 4- -0.006 a 0.4"13 17 1.923 81 2.330 2.370 2 5.3

00
72 -0.034 -1 0.546 17 2.648 84 3. 161 3.160 0 7.0

D..~ 32 0.001 1 0.034 31 0.057 51 0.092 0.111 17 0.49
.~ 0

33 0.002 1 0.076 31 0.153 62 0.231 0.246 6 1.11-0
.......

34 0.003 1 0.146 33 0.270 61 0.419 0.442 5 2.0+-' l.L
<0

69 0.002 0 0.079 8 0.860 0.941 4.3+-' 87 0.970 3
'VI

70 O. 001 O.l"1lD....--i 0 8 1.278 92 1.390 1.390 0 6.2
VI

71 -0.004.~ 4- 0 O. 1!)7 8 1.806 91 1.959 1.980 1 8.800
72 -0.018 -1 0.208 8 2.518 94 2.708 2.690 -1 ~ 1.9

179
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TABLE 8 DISPLACEMENT CO~1PONENTS - SW 2

1 1 2 2 3 3 4 5 6 7"5 "5 "5
Load Fixed-End

°FLEX. °SHEAR
Re1. Lat. Error

Point Rotation n,2,3 Disp1. 5-4
5 aiR

(i n) (%) (i n) (%) (in) (%) (i n) (i n) (%) ° .ly

32 0.023 1 0.086 52 0.058 35 0.169 0.165 -2 0.24
~ 33 0.045 11 0.170 42 0.194 48 0.409 0.403 -1 0.58:

+-'0 35 0.075 11 0.268 38 0.363 52 0.706 0.702 - 1 1.0rtl 0
r- 40 -0.095 13 -0.294 41 -0.318 44 -0.707 -0.720 -2 -1. a+-' LL

C 70 0.161 11 0.658 46 0.622 43 1.443 1.434 -1 2.0OJ -0
E ~ 76 -0.170 12 -0.707 48 -0.633 43 -1.510 -1.478 2 -2.1OJ (Y)

u 94 0.234 11 1.056 48 0.875 40 2.165 2.210 2 3.2rtl4-
r- 0 100 -0.219 10 -1.086 49 -0.932 42 -2.237 -2.220 1 -3.20-
til 0- 118 0.270 9 1.411 48 -1. 254 63 2.935 2.931 0 4.2or-- or-

o I- 124 -0.218 7 -1.385 47 -1. 347 46 -2.950 -2.936 1 -4.2

32 0.016 15 0.044 41 0.044 41 0.104 0.108 4 0.23
~ 33 0.032 12 0.084 32 0.140 53 0.256 0.262 2 0.56

+-'0 35 0.052 11 0.136 29 0.264 56 0.452 0.471 4 1.0rtlO
,--

40 -0.066 '15 -0.156 35 -0.258 57 -0.480 -0.452 6 -0.96+-' LL
C 70 0.112 12 0.378 39 0.4·72 49 0.962 0.957 -1 2.0OJ -0
E c 76 -0.119 12 -0.409 41 -0.483 48 -1.011 -1. 004 2 -2. 1OJN
U 94 0.163 11 0.609 41 0.715 48 1.487 1.490 0 3.2rtl4-

,-- 0
100 -0.152 10 -0.635 41 -0.760 49 -1.547 -1.540 0 -3.30-

til D_
118 0.188 9 I 0.820 ~o 1. 075 52 2.083 2.060 -1 4.4.... or-

o I- 124 -0.152 7 -0.821 39 -1.048 50 -2.021 -2.088 -3 -4.4 I
I
I

32 0.009 17 0.014 26 0.031 59 0.054 0.053 -2 0.23
~ 33 0.018 13 0.026 19 0.089 66 0.133 0.135 2 0.58

+-'0 35 0.030 13 0.041 18 0.163 70 0.234 0.233 0 1.0rtlO
r-

40 -0.038 17 -0.054 25 -0.156 73 -0.248 -0.214 16 -0.9+-' LL
C

70 0.064 12 0.142 27 0.348 65 0.554 0.532 -4 2.3OJ +-'
E til

76 -0.067 13 -0.153 29 -0.350 67 -0.570 -0.524 9 -2.2OJr-i
u

94 0.092 11 0.217 25 0.572 65 0.881 0.873 -1 3.7rtl 4-
,-- 0

100 -0.086 10 -0.231 27 -0.606 71 -0.923 -0.852 8 -3.60-
til 0-

118 0.106 9 0.294 24 0.852 69 1.252 1.239 -1 5.3.,....- or--

01-
124 -0.086 7 -0.306 24 -0.975 77 -1.367 -1.266 8 -5.4



TABLE 9 [lISPU\CEt~ENT COt~PONENTS - SW 2R

1
1 2 2 3 3 4 5 6 7"5 "5 "5

Load Fi xed -End
c\LEX. (\HEAR

Rel. Lat. Error )10
Point Rotation n,2,3 Displ. 5-4

--5- °iR

(in) (%) (i n ) on (in) (%) (in) (i n) (%) ~ly

2 0.003 1 0.106 24 0.334 76 0.443 0.437 -1 0.62
~ 28 0.005 1 0.219 32 0.456 67 0.680 0.685 1 1.0

+>0 29 0.025 2 0.368 38 0.585 60 0.978 0.98 0 1. 4-roo
....- 30 0.073 5 0.534 40 0.703 52 1.310 1.354 3 1.9+' LL

c 31 0.075 4 0.794 47 0.799 47 1.668 1.699 2 2.4OJ-o
E ~ 32 0.095 4 1 .244 56 0.931 42 2.270 2.239 -1 3.2OJ (V)
u 33 0.137 5 "j .552 56 .101 39 2.790 2.790 0 4.0ro4-

....-0 34 0.234 7 "j.759 53 .349 40 3.340 3.333 0 4.80-
Vl 0- 35 0.292 7 "1.684 43 ".998 51 3.974 3.920 -1 5.6.,..... .,.....
01- 36 0.459 10 "1.765 39 ;~. 265 51 4.489 4.471 0 6.4

~ 2 0.002 1 0.053 18 0.231 79 0.286 0.293 2 0.62+'0
roo 28 0.004 1 0.115 24 0.324 66 0.443 0.488 9 1.0....-

+> LL 29 0.017 2 O. 198 29 0.425 61 0.640 0.694 7 1.5c
OJ-o 30 0.051 6 0.290 32 0.520 57 0.861 0.913 6 1.9E c
OJ N 31 0.052 4 0.451 38 0.609 52 1.112 1.179 6 2.5u
ro4- 32 0.066 4 0.668 44 0.731 48 1.465 1.510 3 3.2....- 0
0-

33 0.095 5 0.929 48 0.889 46 1.913 1.943 2 4.1Vl 0-
.,..... ."-

34 0.163 7 -1.056 44 -1.138 48 2.357 2.390 1 5. 101-

~ 2 0.001 1 0.014 9 0.132 85 0.147 0.155 5 0.66+>0
roo

28 0.002 1 1).03:, 15 0.200 87 0.237 0.231 -3 1.0....-
+' LL 29 0.010 3 0.063 18 0.276 79 0.349 0.350 0 1.5s::
OJ+'

30 0.029 6 0.091 19 0.350 74 0.470 0.471 0 2.0EVl
OJ....-

31 0.030 5 0.156 25 0.430 68 0.616 0.628 2 2.7u
ro4-

32 0.038 5 0.244 30 0.539 66 0.821 0.812 -1 3.5....-0
0-

33 0.054 5 0.353 32 ;).688 62 1.095 1.107 1 4.7Vl 0-
.,..... e,.-

34 0.093 6 0.429 30 ).945 65 1.467 1.450 -1 6.201-
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TABLE 10 FREE VIBRATION TEST RESULTS

Small Ampli. Test* Large Ampli. Test*

Specimen Stage of Loading Frequency Damping Ratio Frequency Damping Ratio
(cps) Hz (~~ ) (cps) Hz (%)

Before Loading 39.5 2.7

SW 2 After 3 Yielding 23 2.5 18.5 9.1
Cycles(]Jo3=-1,1)

After Failure 10 2.7 8.5 5.6

Sl>J 2R Before Loading 20 2.5 16.3 6.0

*Free vibration of the specimen was initiated by hitting with hand.

**Free vibration of the specimen was initiated by pullina it with 10 kips of
lateral force and suddenly releasing it.

TABLE 11 COMPARISON OF PLASTIC HINGE ROTATION CAPACITY

Type of Specimen Shear \Ala 11 RIC Beam W 24x76 Beam

Specimen No. SW 3 B 33 B 351 5 6 7

Span/Tota1 Depth 1.84 2.69 3.50
I

0.035 0.054 0.021 0.0578pl 0.014 0.026

Nominal Shear Stress 11.1~ 5.SIf' 6If' o. Hoy 0.130 0.160c c y y



TABLE 12 STORY DRIFT INDEX

Load Relative Tip Displ. (i n. ) Story Drift Index
Specimen Point

°lR °2R °3R Rl R2 R3

76 0.082 0.183 0.300 0.0017 0.0028 0.0033
77 0.141 0.290 0.450 0.0030 0.0041 0.0044
79 0.:242 0.488 0.778 0.0051 0.0068 0.0081
86 0.337 0.990 1.565 0.01'14 0.0126 0.0160

SW 1 88 0.:303 1.470 2.330 0.0171 0.0186 0.0239
90 0.936 1.704 2.734 0.0199 0.0213 0.0286

154 0.962 1.713 2.425 0.0205 0.0209 0.0198
156 1.330 2.383 3.406 0.0283 0.0293 0.0284
157 1. '337 2.729 3.896 0.0327 0.0331 0.0324
158* 1.739 2.911 4.248 0.0370 0.0326 0.0371

32 0.111 0.258 0.440 0.0024 0.0041 0.0051
33 0.:246 0.520 0.842 0.0052 0.0076 0.0089

Sv! 1R 34* 0.,~42 0.850 1.330 0.0094 0.0113 0.0133
69 0.970 1.180 1.418 0.0206 0.0058 0.0066
70 1.390 1.680 2.030 0.0296 0.0081 0.0097
72 2.690 3.160 3.660 0.0572 0.0131 0.0139

28 o. :231 0.488 0.685 0.0049 0.0071 0.0055
29 0.350 0.694 0.980 0.0075 0.0096 0.0080
30 0.471 0.913 1.354 0.0100 0.0123 0.0123

SW 2R 31 0.628 1.179 1.699 0.0134 0.0153 0.0144
32 0.812 1.510 2.239 0.0173 0.0194 0.0203
33 1. "107 1.913 2.790 0.0236 0.0224 0.0244
34* 1.450 2.357 3.333 0.0309 0.0252 0.0271
35 2. '\90 3.057 3.920 0.0466 0.0241 0.0240

32 0.053 0.108 0.165 0.0011 0.0015 0.0016
33 O. "135 0.262 0.403 0.0029 0.0035 0.0039
34 0.;~17 0.436 0.653 0.0046 0.0061 0.0060
35 O. :~44 0.471 0.702 0.0052 0.0063 0.0064
40 -0. :~04 -0.442 -0.720 -0.0043 -0.0066 -0.0077
69 0.301 0.562 0.883 0.0064 0.0073 0.0089
70 0. 1332 0.957 1.434 0.0113 0.0118 0.0133

SW 2 76 -0. !324 -1 .004 -1.478 -0.01'12 -0.0133 -0.0132
94 0.873 1.490 2.210 0.0186 0.0171 0.0200

100 -0.852 -1.540 -2.220 -0.0181 -0.0191 -0.0189
118 1.n9 2.060 2.931 0.0264 0.0228 0.0242
124 -1 . :266 -2.088 -2.936 -0.0269 -0.0228 -0.0236
129 1.326 2.129 2.957 0.0282 0.0223 0.0230
133* -1.452 -2.000 -2.566 -0.0309 -0.0152 -0.0157
135 2.317 2.634 2.972 0.0493 0.0088 0.0094
137 -1.365 -1 .692 -·2.010 -0.0290 -0.0091 -0.0088

*Crushing of wall concrete.
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TABLE 13. COMPONElTS 0F STORY DRIFT INDEX

Story Story Story

Specimen Load Drift Dri ft Components Drift Components
Point Index Index of R2 Index of R3

Rl = (Rl) tan (R2)Rot. (R2)t R3 (R3) Rot. (R3) tan an

76 0.0017 0.0028 0.0013 0.0015 O. )033 0.,J019 0.)~)14

79 0.0051 0.0068 0.0026 0.0040 0.J081 O. ')j39 0.))42

SilJ 1 88 0.0171 0.0186 0.0118 0.0068 0.0239 0,')136 0.')103
90 0.0199 0.0213 0.0141 0.0072 0.l286 O. )163 0.),23

156 0.0283 0.0293 0.0185 0.0108 0.J284 0.')223 O. ')061
158* 0.0370 0.0326 0.0223 0.0103 0.0371 O. 1265 O.J1)6

32 0.0024 0.0041 0.0017 0.0024 0.)051 0.0)24 0.)027

Sl/ 1R 34* 0.0094 0.0113 0.J063 O. '1050 0.)133 0.J081 0.)')52
70 0.0296 0.0081 0.0048 0.0033 0.J097 0.)')56 O. ) )41
72 0.0572 0.0131 0.0084 0.0047 0.')139 0.J095 O. YJ44

28 0.0049 0.0071 0.0019 0.0052 O. )055 0.)027 0.J128
30 0.0100 0.0123 0.0053 0.0070 0.·)123 0.J069 O. ))54

S:J 2R 32 0.0173 0.0194 O. J115 0.0079 0.')203 0.')136 O.Jl~9

34* 0.0309 0.0252 0.0188 0.0064 O. nZ71 O. )213 0.) ,)58
35 0.0466 0.0241 0.0188 0.0053 O. )240 O. ')207 O.J )33

32 0.0011 0.0015 0.0009 0.0006 0.J016 O.J012 0.J004
35 0.0046 0.0063 0.0027 0.0036 0.0064 O. ')039 O. :JJ25
40 -0.0043 -0.0066 -0.0031 -0.)035 -0.0077 -J.l044 --j • J033

S\J 2 94 0.0186 0.0171 0.0120 0.:)051 :).0200 O. )141 O. )059
100 -0.0181 -0.0191 -0.0122 -0.0069 -'1.0189 -J. 1143 -8.0046
129 0.0282 0.0223 0.0146 0.0077 0.J230 0.1171 0.J)59
133* -0.0309 -0.0152 --0. )099 -0.0053 -0. ')157 -J.Oll0 -;).)047

1

Crushing of first story wall panel



TABLE 14 SELECTED CRITICAL DAMPING RATIOS

n 1 2 3 4 5 6 7 8 9 10

Tn (sec.) 0.87 0.220 0.100 o. O? 0.050 0.040 0.033 0.029 0.027 0.025

E;, * 0.05 0.026 0.038 O.O!; 0.067 0.083 0.100 0.110 0.120 0.130n

185

Tn
*E;, = a - +n 4n s ~ ,where a :: 0.669 and S = 0.00103.

n

TABLE 15 COMPARISON BETWEEN OVERALL PERFORMANCE OF
BUILDINGS UNDER 0.4g PACOIMA BASE ROCK MOTION

Prototype Building Building with Four
(Ductil e Model) Prototype Walls

Max. Roof Displacement 11.8 in. 8.2 in.

Max. First Story Drift Index 0.006 0.0042

Max. Plastic Wall 0.005 0.0034
~.

Hinge Rotation BE!am 0.019 0.0130

Max. Shear Developed 2650 kips 1900 kipsin a Single Wall

Most Critical MB/VE: Ratio 446 in. 505 in.cif Wa 11
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FIG. 2.12 CRUSHED CONCRETE OF SHEAR WALL
REMOVED FOR REPAIR

FIG. 2.13 EPOXY REPAIR OF SHEAR WALL 1



FIG. 2.14 CRUSHED CONCRETE OF SHEAR WALL 2
REMOVED FOR REPAIR

FIG. 2.15 WALL REINFORCEMENT OF SHEAR WALL 2R
BEFORE C,lISTING
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FIG. 5.92 V-WD 3 DIAGRAM - SHEAR WALL 2R
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FIG. 5.93 V-WD 4 DIAGRAM - SHEAR WALL 2R
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2 3 4 5 6
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-.t8FLEX

~
SSHEAR

18F'XED
SIR /END

7 8 SlY T 1-'-8 1

FIG. 5.94 VARIATION OF DISPLACEMENT COMPONENTS
WITH DUCTILITY - SHEAR WALL 1
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FIG. 5.95 VARIATION OF DISPLACEMENT COMPONENTS
WITH DUCTIL[TY - SHEAR WALL lR
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FIG. 5.96 VARIATION OF DISPLACEMENT COMPONENTS WITH DUCTILITY 
SHEAR WALL 2
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FIG. 5.97 VARIATION OF DISPLACEMENT COMPONENTS
WITH DUC-ILITY - SHEAR WALL 2
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FIG. 5.98 VARIATION OF DISPLACEMENT COMPONENTS
WITH DUCTILITY - SHEAR WALL 2R
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o 6 12 (IN) 0 2 (IN)
SPECIMEN SCALE L J DISPL.. SCALE I I

~- ...--, 1-'
---r- T 1, I

\ \ \ I
,..--

I
~- i-- rr- 1\. 1 ' ,- r- I It-- +-- \ I \

~ ~
II lJ. - ~- I I I \ =-+-rt- II \ \ \ \ +- t r+- \ -;

~
\ \ -.L._~-+-1+- +- \ I

\ :-::rI-+- - 1 \ \ \ \

~+ ~+
_J

HI \ I \
..-4- \ \ + .+ '--t-

I \\ ~
-.1. .- \

\
.-1"

\ \ \ ~+ -+ -t-+ -+ \

rrR\ \ \ \
.1 I -1

I \Wf--1-
\ \ I \ I~ 1 \ \ I I _1 \ -~

\ \ \ \ \
..l. -~ --+ -4- .- -t _.J. --\ --"

IrF::r "T \
I---

\ \ \ \ I
I \ \ I ,- - ,- - ~--1--- f-- - ~--

IL-::=\ ~

t:"='=' - l.....--

I"
\

\-
I

\-

(0) SW I LP 155 (V= 240K)

- -,--r--T ""\ r \-:c-\ \ \ \- :r - or ='f \ \ -\ \- - -1
I----.--...,,_,...,...-~ , ......
FT \ \ \ -1"-- + \ \ \ \ \ \ \ .---

r-'\ hI I J..\-.--r-- \ \ \ \ -l -4 --\ r- ~1--
I -\ II- - \ \ \, L _.J,- - -+- - \ \ \

'r - \ I"'r!--:\i-U-\-T-!'::'::~~'-+·~----T\;--+I-_+"'"'i-t'--""--JI-+-_'\i+-_\*_--t\~~\==-.........--I\r--rfl.j p...-
IL _-\ ~ \ I \ \ _...\ _~~--' ---I- -r- I' \ \ \
\ 1..- I \ .-l --\- -"1' 1\ \ \ ..L-
\_-- r \ \ ft-- -\-- ~-h---\--f-\ .. I-
I \+ \ --.... -- -- ~- . \ I \ _

~- l.l \ " \ ~- ,~- ~_.-\- -\- +~+-I-+ ~ ..-\ -
\- ~\"\ \ \ \ \ \ 1\ \ \ +\-\

\ \ \ \ \ _.1 - ~ - ...\-1- -\- - -t - \ - -
'\ ~ ~\ 1\ '\ \ \ \ \ \ I \ \ -

\ \ \ \ -L -l _ _ _ '- - ....~ - - _

'--

( b) SW I L P I58 (V =247 K )

FIG. 5.101 DEFORMATION PATTERN OF FIRST STORY SPECIMEN 
FROiM PHOTOGRAMMETRIC READINGS
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FIG. 5.101 (CmJT1D)
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-~ r- oJ - I-~- -1- -~ r- -,I , _J.- 1-...1- -r -,- -i- I I

~-
, -+, I I , , I I

, I I I ~ I \ I

\
,

I I

-~
I I ...-t- __L.
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FIG. ~j.10l (CONT'D)
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(a) AT FIRST YIELDING 03R=0.76 IN., LP 79

FIG. 5.102 FIRST STORY OF WALL 1 - ILLUSTRATION
OF DAMAGE INDUCED AT DIFFERENT
STAGES OF TESTING



(d) CRUSHING OF CONCRETE AT LP 158

(e) AFTER 03R= -1.9 IN., LP 197

FIG. 5.102 (CONT'D)
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FIG. 5.103 FORCE GENERATED IN BENT PORTION
OF WALL REINFORCEMENT

FIG. 5.104 CRUSHED ZONE OF SHEAR WALL 1R
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(c) FIRST STORY AFTER CYCLE WITH
03R ~ ±2.94 IN. (~ ~ ±4)

FIG. 5.105 (CONT1D)



EDGE MEMBER,
~,CTlNG AS

SHOIRT COLUMN:.

Of' lsI STORY ~~iii~JFRAME L

FIG. !3.1 06 ME:CHANISM OF FAILURE
OF WALL SPECIMEN

FIG. 5.107 CRUSHED ZONE OF SHEAR WALL 2R
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FIG. 5.108 BROKEN COLUMN SPIRALS
OF SHEAR WALL 2R

~-r---STRESS CONCENTRATION
EXISTING CRACK IN THE
OLD CONCRETE

N N

OLD CONCRETE NEW CONCRETE COVER

FIG. 5.109 STRESS CONCENTRATION IN REPAIRED EDGE COLUMN
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kN x 103 N (KIPS)
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fs v Cs see FIG. 2.5
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20()( 400
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-500 -100 I

I
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FIG. 5.110 N-M INTERACTION DIAGRAM OF
CONFINED COLUMN CORE
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FIG. 5.118 EARLY CONCRETE CONTACT DUE
TO SHEAR DISLOCATION
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FIG. 6.1 CRUSHING OF WALL PANEL AND SPLITTING
OF COLUMN CONCRETE COVER AT LP 45 OF
SHEAR WALL 1R

A 248K

SW I LP 158

FIG. 6.2 CRACK PATTERN AND CRUSHING ZONE OF
SHEAR WALL 1
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(a) STANDARD SPECIMEN) MB IV = 1731\

( b) STANDARD SPECIMEN) MBI V =1191\

FIG. 8.4 CRACK DIRECTIONS FROM FINITE ELEMENT ANALYSES
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(c) WITHOUT SLABS) Ma/V =173"

(d) PH = 0.0025, Me IV =173"

FIG. 8.4 (CONT'D)
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(d) WITH MIN. PANEL REINFORCEMENT (0.25%)

Me IV =173" @ V =245 KIPS

FIG. 8.5 (CONT'D)
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(a) STANDARD SPECIMEN, Me IV =173
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(b) STANDARD SPECIMEN, Ma/V=119': @ V=310 KIPS

FIG. 8.6 REINFORCEMENT STRESS FROM FINITE ELEMENT ANALYSES
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APPENDIX A - ESTIMATED WEIGHT OF PROTOTYPE BUILDING

Floor area of building = 11340 f@

367

ROOF WEIGHT

SL.AB
MECH. & RFG.
PARTITION
COLUMNS
SHEAR WALLS
EXT. vJALLS
SP,l\NDREL

(0.150 k/cu.ft) (8/12) (11340)

(0.020 ksf) (1-340)

(0.010 ksf) (11340)

(0.3 k/ft) (4.6 1
) (36)

(0.150) (30ft2 x2+25ft2 x4) (4.1 1
)

(0.2 k/ft) (48?1)

(0.3 k/ft) (48?1)

TOTAL ROOF WEIGHT

= 1134 k

227 k

= 114 k

50 k

= 98 k

= 96 k

145 k

= 1864 k

TYPICAL FLOOR WEIGHT (2nd Floor to 9th Floor)

SLAB (0.150 k/cu. ft; (8/12) (11340) = 1134 k

f~ECH. & FLG. (0.010 ksf) (11340) = 114 k

PARTITION (0.020 ksf) (11340) 227 k

COLUMNS (0.3 k/ft) (8.~:3) (36) = 90 k

SHEAR WALLS (0.150) (30 ft2 x2+25 ft2 x4) (3.33) = 200 k

EXT. WALLS (0.2 k/ ft) (482' I ) = 96 k

SP,D,NDREL (0.3 k/ft) (482 1
) 145 k

TOTAL TYP. FLOOR WEIGHT = 2006 k

FIRST FLOOR WEIGHT

SPANDREL

SLAB
MECH. & FLG.
PARTITION
COLUMNS
SHEAR \~ALLS

EXT. WALLS

(0.150 k/ cu. ft) (8/12) (11340)

(0.010 ksf) (11340)

(0.020 ksf) (11340)

(0.3 k/ft) (10.33) (36)

(0.150) (30x2+25x4) (10.33)

(0.2 k/ft) 432)

(0.3 k/ft) (482)

TOTAL FIRST FLOOR WEIGHT

TOTAL BUILDING WEIGHT = 1864+(8)(2006)+2076 = 19988 k

= 1134 k

114 k

= 227 k
= 112 k

= 248 Ie

= 96 k

= 145 k

= 2076 k
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