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ABSTRACT

A method is developed herein for obtaining distributions cf re-
sponses of elastic multi-degree-of-freedom systems subject to earth-
quake excitation. Uncertainty in both dynamic model and earthquake
excitation parameters is accounted for. Random vibration theory and
an approximate first-passage problem solution are utilized. Distribu-
tions of responses are computed for two 4-DOF dynamic models. Sensi-
tivity of such distributions to earthquake and dyncmic model parameters
is quantified.

Factors contributing to uncertainty in the strength measures used
for rigid frare buildings are examined. A simple frame is designed by
elastic criteria and a second moment description of the story strength
measures i5 given,

Probabilities of exceeding lim.t-elastic response levels are com-
puted for three mndels by utilizing the derived 17ad effect and strencth
distributions. Prchabilities conditional on peak ground accelerations
are first obtained; then seismic risk information is incorporated to
arrive at unconditional failure probabilities. Sensitivity of such
safety estimates to seismic risk infarmation and strength distribution
parameters is examined., Comparisons with the safety assessments of other
investigators ave also made.

Alterrate elastic seismic design strategies are reviewed and their
interrelationships are clarified. The relative conservatism of result-
ant designs is compared by usiig the metnodology developed in the report.
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PREFACE

This is the ninth report prepared under the research project en-
titled "Evaluation of Seismic Safety of Buildings," supported by National
Science Foundation Grant ATA 74.06935 and its continuation Grant ENV 76-
19021. This report is derived from a thesis written by Dario A. Gasparini
in partial fulfillment of the requiremests for the cdegree of Doctor of
Philosophy in the Department of Civil Fngineering at the Massachusetts
institute of Techrology.

The purpose of the supporting project is to evaluate the effective-
ness of the total seismic design process, wnich consists of steps begin-
ning with seismic risk analysis through dyramic analysis and the design of
structural components. The project seeks o answer the question: "Given
a2 set of procedures for these steps, what is the actual degree of protec-
tion against earthquzke danage provided?" Alternative methods of analysis
and design are being considered. Spec ficaliy, these alternatives are
built around three methods of dynamic analysis: (1) time-history analysis,
(2} response spectrum riodal analysis, and (3) random vibration analysis.

The formal renorts produced thus far are:

1. Arnold, Peter, Vanmarcke, Erik H., and Gazetas, Georye, "Frequency
Content of Ground Motions during the 1971 Sian Fernanao tarthquaka,”
M.1.T. Department of Civil Engineering Research Report R76-3, Order
Ne. 526, January 1976,

2. Gasparini, Darip, and Vanmarcke, Erik H., "Simulated Earthquake
Motion Compatibles with Prescribed Response Spectra,"” M.I1.T. Depart-
went of Civil Engineering Research Report R76-4, Order No. 527,
January 1976,

3. vanmarcke, Erik H,, Biggs, J.M., Frank, Robert, Gazetas, George,
Arnold, Peter, Gasparini, Dario A., and Luyties, Willjam, "Compari-
son of Seismic Analysis Procedures for Elastic Multi-degree Systems,"
M.[.T. Department of Civil Engineering Research Report R76-5, Order
Na. 528, January 1976.

4. Frank, Robert, Anagnostopoulos, Stavros, Biggs, J.M., and Vanmarcke,
Erik H,, "Variability of Inglastic Structural Response Due to Real
and Artificial Ground Motions," M.I.T. Department of Civil Engineer-
ing Research Report R76-6, Order No. 529, January 1976.



daviland., Richasd, "A Study af the “incortainties 1n the Fundamental
Transiational Terinds and Jumpiag Valses foe Test Taildings,’ Super-
vised by Profecsors J, M. Biggs and trik ' Vanmarcke, M. 1.T. Ce-
partment ot Civil £nginzering Research Report R76-12, Order No. 531,
February 1976.

6. Luyties, William H. [I1, Apnagnostopoulos, Stavros, and Biggs, John
M., "Studies on the Inelastic Dynamic Ana’ysis and Design cf Multi-
Story Frames," M.[.T. Department of Civil Engineering Research Re-
port R76-29, Order No. 548, July 1976.

I. Gazetas, George, "Random Vibration Analysis of Inelastic Multi-Degree-
of-Freedom Systems Subjected to Earthquake Ground Motions," Super-
vised by Professor Erik H. Vanmarcke, M.1.T. Department of Civil
Engineering Research Report R76-39, Order No. 556, August 1976.

8. Haviland, Richard W., Biggs, John M., and Anagnostopoulos, Stavros
A., "Inelastic Response Specurum Design Procedures for Steel Frames,
M.I.T. Department of Civil Engineering Research Report R76-40, Order
Na. 557, September 1976.

"

The project is supervised by Professors John M. Biggs and Erik H.
Vanmarcke of the Civil Engineering Department. They have buen assisted by
Dr. Stavroc Anagnostonoulos, A Research Associate in the Department. Re-
search assistants , in addition to Dr. Gasparini, who contributed to the
work reported herein were Peter Arnold, Robert Frank, William Luyties, and
Richard Haviland.

Reproduced from
best available copy
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CHAPTER 1
INTRODUCTION AND SCOPE OF RESEARCH

1.1 OBJECTIVES

The research reported herein is based on two broad objectives. The
first is the developmen: cf a methodology to compute probabilities of ex-
ceeding specified perfc mance parameters in a structure due to seismic
forces. The second is the compariso-. of alternate methods of seismic
analysis and design by utilizing such a methodology.

This intrcduction seeks to cutline the breadth of studies possible
within such broad objectives and hence define and place in perspective the

work reported in subsequent chapters.

1.2 SEISMIC SAFETY

1t is clear that the term "seismic szafety” may have a variety of
meanings which depend on the specific critical response of interest and
the performance criteria used. Further, to guantify “"safety" several
approaches may, in practice, be used, This section attempts to classify
definitions and alternative approaches and to identify the specific ones

used throughout this study.

1.2.1 Definition of Safety and Critical Response Parameter

Elastic - Inelastic

Probability of failure computations require that a distribution
or moments (e.g., mean and variance) of the critical load effect(s) be

obtained. For inelastic load effects (e.g., ductility l.vels) such sta-
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tistical descriptions can presentlv ¢nly be arrived at through multiple
time history analyses. Such anilyses, however, require extensive mode iing
and computational efforts and are therefore impractical. More useful
random vibration methodologies are only rnow being develcped for shezr-beam
type dynamic models [32].

It appears that for the present, if derived load effect distributions
or moments are to be used, one is limited to defining failure in teyms of
elastic criteria; that is, defining failure as exceeding random, 1imit-
elastic levels of peak accelerations, displacements, shears, moments, axial

forces, etc,

Individual Member - “Floor" Response

Load effects at the individual member level are generally not ob-
tained directly from dyramic analyses which utilize lumped mass mo.els.
In a typical analysis, a lumped mass model is first formulated, the corre-
sponding eigenvalue problem is solved, and the time history of each modal

response is calculated. A static_ problem must then be solved for each of

the modal deflected shapes tu ohtain nnrmalized modal contributions to
each member Toad effect. Only then may modal contributions be combined
either exactly or in an approximate fashion (SKSS). |

A state-space random vibration formulation differs from the above
modal time history anmalysis only in that the time histories of modal RMS
responses are calculated (of course the form of the input is also differ-
ent.) A distribution of any response may then be obtained by an approxi-
mate first passage problem (see Chapter 2) csolution, either at the member

or at the floor level,.
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In summary, obtaining distributions of load efferts for individual

members generally requires detailed static models, and static analysis
capabilities; i.e., capabilities equal to those of the program APPLE PIE
I"53]. Assuming a random vibration approach, and assuming dynamic model
parameters as deterministic, a sequence of steps which may lead to dis-

tributions of member load effects is depicted in rigure 1.1,

STRUCTURAL MODEL INPUT

|
APPLE PIE TO DETERMINE:
Nominal periods
Mode shapes

Participation factors
Static effects for each modal shape

]
EXCITATION INPUT PARAMETERS:

Frequency content of ground acceleration
Duration

atensity

|

RANDOM VIBRATION TO DETERMINE:

Time history of modal RMS responses

l

APPLE PIE FOR: Superposition of modal RMS load effects
at the member level

I

FIRST PASSAGE PROBLEM TD:

Obtain approximate distributions of mem-
ber load effects

YES

OTHER EXCITATION
T———__INPUT PARAMETERS

HO

FIGURE 1.1 - METHODOLOGY FOR OBTAINING DISTRIBUTIONS OF
ELASTIC LOAD EFFECTS AT THE MEMBER LEVEL
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Cunulative-Non-cunulative

Tang [76] and Yao [77], among others, have noted that low cycle
fatigue failures are possible during earthquakes. The implication is
that very large (inelastic) strains occur during the dynamic response
of structures. Typically, to assess probabilities of such failures,
a4 random process of strain is assumed; the relationship between the earth-
quake load and the load effect (strain) is not explored in detail. Such

cumulative failure criteria are not explicitly considered herein.

Multiple Correlated Earthquake Events

Multiple earthquakes at a site may have correlated properties (fre-
guency content, duration, intensity, etc.); hence Shinozuka [50]., for one,
has stated that joint statistical distributions of such parameters are
to be considered if the safety of a structure in time is to be quantified.
McGuire [42] recently examined three types of correlation amony earth-
quakes. correlation between records of motion made at the same site dur-
ing different earthquakes (site effect correlation); correlation between
records made at different sites during the same earthquake {source effect
correlation); and correlation between the two components of motion of the
same record (component correlation). His conclusions were that “"sycces-
sive observations of different carthquakes at the same site (for the
sites used in this study) can be assumed to be uncorrelated" although
source effect and component correlations were found siqnificant.

As an approximation, then, the assumption is made herein that the
parameters which define the earthquake for the random vitration analysis,

i.e., frequency content, intensity and duration, are uncorrelated.
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Load Combinations

It is recognized that earthquake ioads occur or act simultaneously
with dead, live and perhaps even wind 1o0ads. Such loads should theoret-
jcally be statistically described in space and time and combined to
define both loading and resistance [33]. [t is assumed herein that
load effects at the "floor" level, ¢.g., interstory distortions, are
caused solely by earthquake forces. Only to arrive at estimates of
story strength measures are nominal (or deterministic) values of dead

and live loads considered (see Chapter 3).

System Reliability

The thrust of the work here is not to develop system reliability
formulations, but rather marginal, modal reliabilities for dynamic sys-
tems. Chapter 4 does discuss in a limited sense the gquestion: ™“What
is the probability that yielding will not occur anywhere in the struc-
ture?" No attempt is made there, however, to establish correlations

among modal strength measures or among modal safety margins [63].

Summar

Safety is herein defined in terms of elastic, non-cumulative failure
criteria at the dynamic model response level, It means not exceeding
random, limit-elastic responses (r .tive displacement, accelerations) at

a story in the structure. Such criteria may not be meaningful for ordinary
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¢civil structures; rather it is more consistent with design and performance

¢riteria used for nuclear power plants.

1.2.2 Alternate Formulations for Determininy Reliability

Second Moment - Full Distribution

To arrive at reliability assessments, perhaps the first choice to
be made is between a second moment reliability formulation and a full dis-
tribution approach. The former establishes bounds on reliability given
only second moments (e.g., means and variances) of random variables:
Veneziano [ 62] has recently summarized the theory and made contributions
to it. The full distribution apprnach seeks to define probability distri-
butions for both random capacity and demand measures and to calculate

failure probabilities through evaluations of the convolution integral:

P - )f: (1 - Fyle)yfele) de (1.1)

where FD(C) Cumulative distribution function of demand (LOAD FFFECT)

fc(c) = Probability distribution func*ion of capacity (STRENGTH)

Statistical vs. Probabilistic Models

Statistical reliability models may gener:lly be defined as those
which include considerations of uncertainty in the distributions fc(c)
and fD(d) (and their parameters) to arrive at overall reliability estim-
ates. Conversely, probabilistic models assume the distributions and
their parameters are “correct." It is intuitively apparent that the

available data regarding seismic risk, for example, do not exclusively
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support one probabilistic model or one set of parameters. Hence statis-
tical models for seismic risk are logical. Indeed, Veneziaro [65] has
recentl; quantified the effects of statistical uncertainty on reliability
estimates.

The approach followed herein is probabiiistic; however, sensitivity
to alternate capacity and demand distributions may be evaluated numeric-

aliy for any one s:rulture by repeated analyses.

Studies in Seismic Safety

Shinozuka [50] {1974) in a state-of-the-art paper has stated that
"much more work must be done before realistic safety assessments and assur-
ance can be made with the aid of the stochastic approach.” Indeed research
in structural dynamics has focused on developing more detailed ‘Snelastic
models to be used in conjunction with time history analyses in an effort
to gain understanding and control of inelastic behavior {12]. In recogiti-
tion of the uncertainty in earthquake excitation, generally multiple analyses
are recommended. Such studies are only tangential to reliability assess-
ments; authors more dire:tly concerned with reliability have generally
assumed various probability distributions {and their parameters) for demand
and capacit, and presented corresponding ranges in reliability estimates.
For example, Ferry-Borges {33] assumed a type II (or a Type 1) distribution
for seismic demiand and a normal strength distribution to arrive at failure

probabilities as functions of the factor of safety y* (defined as the ratio

between the lower 5% fractile of fc(c) and the upper 5% fractile of fD(d))

and of assumed coefficients of variation.
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Similarly, Newmark [44] assumed lTognormally distributed demand and
capacity measures, and focused on defining factors of safety (ratios of
median capacities to median demands) and coefficients of variation for
the distributions. Newmarks' methodoiogy as well as those of Veneziano

[65] and WASH 1400 [47] are discussed in Chapter 4.

1.2.3 Approach Followed Herein

Full distributions for both capacity and demand measures are used
herein. Chapter 2 is devoted to deriving, through a random vibration
methodology, the analytical distribution fy{d). Uncertainties in both the
structural model and the forcing function are accounted for, although the
dynamic wmodel is assumed linear and invariant in time, The distributions
derived are conditional on the intensity measure A ax" Chapter 3 derives
second moments of the resistance measures for a specific example and p. e-
sents arguments for the use of alternate probability distributions. Chap-
ter 4 then, computes conditional failnre probabilities by means of Equa-
tion (1.1) and combines such conditional probabilities with seismic risk
analyses (in terms of peak ground acceleration) to arrive at overall modal

reliability estimates,

1.3 METHODS OF SEISMIC DESIGN AND ANALYSIS

1.3.1 Alternate Performance Criteria

It is ra2cognized herein that ordinary buildings are designed on
the basis of nuch different performance criteria than, say, nuclear power

plants. The performance of critical systems in nuclear power plants is
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deemed uncertain under gross inelastic structural behavior and nence
Timit-elastic performance criteria are presently used [51] aven for the
load effects due to the Safe Shutdown Earthquake [51]. On the other hand,
performance criteria for conventional buildings, as promulgated by the

UBC [69], SEACC [54], ATC [20], or the Massachusetts Building Code, accept
that inelastic behavior will occur during a major earthquake and have as
their main objective preventign of collapse and major loss of life. As
such, inelastic analysis and design procedures should consistently be used.
Intense research efforts are currently aimed at develaping such procedures
[79,43,15], but none are presently in use. Rather, elastic analyses are
generally used with pseudo-static earthquake loads significantiy smaller

than those expected vo occur about once during the life of the structure.

The intention herein is aot to compare analysis and design methods
consistent with UBC performance criteria, but rather methods consictent

with NKC-1like performance criteria.

1.3.2 Alternate Analysis and Design Methods

The implication of NRC-like performance criteria is that earthquake
dynamic analysis procedures, at least for the structure if not the under-
lying soil, are generally linearly elastic. Elastic analys*s procedures
mdy, in turn, be classified as response spectrum, time history (real or
artificial motions), or random vib=ation methods. Chapter 5, then, classi-
fies alternaiives within the three metheds, explores their interrelation-
ships and compares their relative merits in terms of the reliability of

corresponding designs.
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1.3.3 Dynemic Models

Given a deterministic input, there remains uncertainty in the re-
sponse of a structure because of the mathematical modeling necessary for
the dynamic analysis. Generally hcw compiex a model one chooses for anal-
ysis is determined by weighing the reduction in uncertainty with the addi-
tional analytical cests. Mhodels may be two or three dimensional, use
Tumped messes or consistent mass finile elements, may or may not include
the local :0il, a'*d be Tinear or nonlinear. Herein only linear two-dimen-
sional lumped mass models are considered. They are widely used, and statis-
tical ¢.ia exists regarding their accuracy in modeling actual observed
behavior. The two key d-namic properties of such models, natural period

and damping, are consid.red random variables.

1.4 SUMMARY

Probability.-of-failure estimates are derived herein for limit-elastic
performance criteria. Chapter 2 develops a method to compute distribution
of responses considering uncertainty in both the seismic input and the
dynamic model. Sensitivity stud.es are reported regarding the effects of
random parameters on such load effect distributions. Chapter 3 examines
uncertainty in strangtn measures and partially quantifies such uncertainty
for an example structure. Chapter 4 presents resultant probability of
failure estimates and quantifies their sensitivity to seismic risk assump-
tions, streagth distributions and their narameters and the assumed design

damping value. Chapter 5 then ecvaluates alternative elastic seismic analy-

sis procedures utilizing the capabilities developed.
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CHAPTER 2
OBTAINING DISTRIBUTIONS OF ELASTIC SEISMIC LOAD EFFECTS

2,1 SOURCES OF UNCERTAINTY

Prediction of structural response requires mathematical models for
both the loading (excitation) and for the structure. Such models are
approximate, and hence the predicted responses are uncertain. A statis-
tical prediction of responses is, therefore, logical. Qualitatively,
one may separate the total response uncertainty: one component arising
from the structural model given a deterministic excitation and the other
arising from the uncertain excitation. Structural and excitation models
are interrelated in the sense that a structural model may dictate the
type of description given to the excitation and vice versa. Mathemati-
cal analytical methcds further define the scope of information required
for the two models. Alternative analysis formulations and excitation

and structure modeis must then be examined together,

2.2 ALTERNATE FORMULATIONS FOR OBTAINING LOAD EFFECTS

As mentioned in the introduction, alternate dynamic analysi, formu-
lations can be generally classified as random vibration, time history,
and response spectrum methods. No individual single analysis yields
distributions of responses which account for all the apparent uncertainty
in response. Multiple analyses must be performed unless some assumptions
are made regarding the gnalytical form of the distribution of the resporse

and its parameters.
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[t is evident that time history analyses require a level of infor-
mation regarding future earthquake motion which we can never hope to
achieve: i.e., the exact details of the ground motions. Further, multi-
ple time history analyses (for MNOF systems) to arrive at load effect
distributions are ‘mpractical (expensive). One can, a'ternatively,
analyze a set of historical response svectra and ¢ tain estimated praba-
bility distributions for individual re.ponse spectrum ordinates, With
this in mind, McGuire [43] computed directly m and m + ¢ response spec-
trum ordinates using a seismic risk analysis methodalogy {24] and assumed
the ordinates to be lognormally distributed. Subsequent response spec-
trum analyses give load effect Tevels and approximate associated proba-
bilities of non-exceedance. They are only approximate because the com-
bination of, say, two or more m + 0 wodal responses does not usually
imply that the total response will also be m + ¢, Moreover, one must
then further account for uncertainty in structural model parameters and
intensity measures of the motion.

Alternatively, if the earthquake is modeled as a random process
described by a power spectral density function (PSOF) [1 ] and a dura-
tion, random vibration methods may be used to predict load effects. Such
analyses yield distributions of peak responses which account for the
random phasing of possible motions. Generally, in a random vibration
analysis, the structural model as well as the ordinates of the PSDF and
the duration are assumed deterministic. Given that all the above param-

eters are, in reality, non-deterministic for a site, distributions of

Joad effects obtained through conventional random vibration methods do
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not ropresent the possible total uncertainty in behavior. Nonetheless,
the latter approach is believed to be the most rational way to arrive
at load effect distributions. The singular disadvantage is that it is
presently applicable only to Tinear systems. Random vibration methods
are only now being developed for inelastic, multi-degree-of-freedom (MDOF)
shear-beam dynamic models [32].

Given the choice of random vibration as the analytical tool and tne
associated (random process) model for the earthquake, there remains to
choose the type of dynamic model for the structure. It is apparent, how-

ever, that one is limited to considering linear elastic lumped mass

models, since statistics assessing their reliability and accuracy in pre-
dicting important observed dynamic structural properties are available

[34.22].

2.3 RANDOM VIBRATICN

2.3.1 Alternate Formulations

The intent here is not to present in detail random vibration the-
ory, but simply to place in perspective the particular random vibration
formulation used and to clarify some of its major assumptions. To do
this, alternative formulations and assumptions will be briefly reviewed.

The three basic approaches associated with stationary random vibra-
tion are identified as follows:

1. Classical time domain approach

2. Frequency domain approach
3. State space approach,
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The time domain approach describes a random process by the mean
m(t) and the autocorrelation function B(tl,tz) [1]. If these descrip-
tors are considered invariant with respect to a shift in the time axis,
the process is said to be stationary with mean m aru B(t,,t,) =
B(t2~t1). For a one-degree-of-freedom ()-DOF) system, the time domain
result relating stationary input X {earthquake random process) to sta-

tiorary output Y (response random process) is [1]:

By (et =[] 8

-0

xx(Tl- 15)h(t,- T])h(tz'TZ)dT]de (2-1)
where h(t) = impulse response function , It can be seen that the
double convoluticen integral required to evaluate Byy(tz- t,) makes such
a formulation difficult.

Alternatively, in the frequency domain, a random process is de-
scribed by the power spectral density function G(,) (the Fourier trans-
form of the autocorrelation function [ 1]). The frequency domain result

analogous to that given by Equeiion (2-1) is:
Gylw) = K (w)] 6ylu) (2-2)
yw X

where H(w) is the transfer function [ 1] of the system. Such a formula-
tion is simpler and hence more desirable to use than the time domain
result. Non-statignarity in the processes may be modeled using the con-
cept of time dependent spectral density function, G{w,t) [7 ].

The state-space formulation [5 ] yields, as a direct result, the

evolution of the variance of the response process (for MDOF systems the
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evolutionary modal variance values may be computed and combined exactly
in time to obtain the tuta®! evolutionary response variance). A limita-
tion of such a formulation is that the excitation must be an uncorrelated
or white pracess [5]. One must therefore use "filters," for example, aug-
ment the dynamic model with a rough model for the soil underlyirg a struc-
ture, in order to obtain spectral density functions at the ground level

which resemble those observed from real earthquakes.

2.2.2 Random Vibration Formulation Used

The random vibration methodoloqy used herein and specifically the
solution of the first passage problem are those described and develgoped
by Vanmarcke et al. [4, 7, 61] and summarized in Reference 64. It is a
frequency domain formulation., The input {(grourd acceleration) process
is assumed to have a zerq mean with a time invariant or stationary spec-
tral density function. Non-stationarity in the response process, VY, is
considered. Brie“ly, the time dependent GY(m,t) {of a 1-DOF relative

displacement response) is obtiained by:
GY(“’t) = | H(w.t)]26{w) (2.3)

where H{w,t) is a2 time dependent transfer function [4].

The distribution of the maxiyum responses is obtained through an
approximate solution of the first passage problen [2]. The solution uti-
lizes the first and second moments of the response spectral density

function {see section 2.4.1) and an additional spectral parameter which
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is a measure of the bandwidth of the frequency content (see Ecuation (2.12).
The inherent assumption of the solution is that the excitation process
(earthquake) is Gaussian and stationary for an equivalent strong motion
duration, S'. The non-stationarity of the response is accounted for by
introducing the concept of an "equivalent stationary response” duration,
which is estimated from the ratio of the response variance values at $'/2
and S' [64].

It must be noted that ground motion models which account for the time
varying nature of the relative frequency content have also been proposed
[ 38]. However, staticnary models appear to be sufficiently accurate
for the purpose of seismic response prediction.

Accepting the described earthquake model and analysis procedure, then,
implies that the relative frequency content, i.e., G{w), fts intensity, and
the strong motion duration S' are the key input parameters. Statistics of
such parameters derived from historical earthquakes and the current state
of earthquake prediction, indicate that these parameters are, in fact,

random for any one site.

Frequency Content

The relative frequency content of earthquake motion may be desceribed
directly through random G{w) ordinates or alternatively, through G{w}
given by an analytical expression having random coefficients., The simplest
relative frequency model for G{w) is band-limited white noise as shown in
Figure 2.7, with the intensity parameter GO and a maximum frequency com-

ponent in the motion corresponding to . Computed G(w)'s for
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FIGURE 2.1 - BAND LIMITED WHITE NOISE
real earthquakes, however, do not support such a model. Alternately,

Kanai-Tajimi (K-T) [39] proposed the following form for the spectral

density function of ground acceleration during an earthquake:

) , 2
[+ 4;g7(leg) ] 50

S0} = 2 2
(- (w/wg) 1+ 4@5 (wlwg)

(2.4)

Such an expression represents, in fact, the stationary frequency content
of the acce.eration response of a 1-DOF oscillator (having natural fre-
quency “y and viscous damping ;g) when excited by white noise excitation,
It can be noted that the two key parameters are mg and Cg; GO is again
a measure of intensity. Adopting such a model, then, implies that the

variability in relative frequency content can be described by variability

in w_ and Eﬂ'

The problem of de’ining the seismic input has now been cast into
one of providing (probabilistic) information on u_, Cg. S' and G, - It

9
is considered in detail in the following section.



33

2.4 PROBABILISTIC DESCRIPTION OF EARTHQUAKE LOADING

2.4.1 Spectral Momer.is

To understand how earthquake realizations may be used to obtain
statistics for the parameters of the random process model, some impor-
tant interpretations of the moments of the spectral density function must
be stated. These interpretations are summarized by Vammarcke (741 and
are only briefly revieswed herein.

Moments of any PSDF G{w) may generally be defined as

o

A‘i = Iou)iG(m)dm {2-5)}

or, alternatively, by defining the normalized power spectral density

function as:

G*(w) = _6() (2-6)
F” G(w) duw
0
The moments become:
)\: = rmi G"‘(m) duw (2-7)
(4]

The integral over frequency of G(w) equals the average total power, or
the variance g2 for processes which fluctuate about a zero mean value,
i.e.:

gt e | 6l d (2-8)
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and [ G (w) dw= 1= 42 {2-9)
Q

A measure of where the spectral mass is concentrated along the frequency

axis is given by [74]:

2 Vi, Vihs - V5 (z-10)

The time domain interpretation of the latter parameter is that, for Gaus-

sian processes, [74]

8 = Yo 2m (2-11)

where vo is the mean rate of uPcrossings of the zero level by the pro-

cess.

A measure of the dispersion of the spectrail density function about

its center frequercy is [74]:
= - = i - 2 -

2.4.2 The Parameter Cg

Cg controls the peakedness or, conversely, the dispersion of the
K-T G{w), hence it can be expected to be related to the parameter q. For
real earthquakes Sixsmith and Roesset [55] present statistics for q as
summarized in Table 2.1. It can be noted that g is fairly constant and

approximately equal to 0.65., For simplicity, then, one may assume that,
correspondingly, the variation of gg is sm-17 and that its value may be
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Q q
Band-Limited White 1 _
Noise Spectral Density 3 Y0 = 0.58 0.5
Kanai Tajimi Spectral
Density forw § w, = 4u ~2. 1y 0.67
Land =06 9 9

TABLE 2.7a - APPROXIMATE VALUES FOR PARAMETERS OF RELATIVE
FREQUENCY CONTENT

Q q
(rad/sec)
E1 Centro 1940 NS 31.36 0.73
E1 Centro 1940 EW 25.51 0.64
Olympia N 10 W 36.07 g.65
Olympia N 80 E 30.85 0.62
Taft N 69 W 27.Nn 0,66
Taft S 21 W 27.46 0.64

TABLE 2.1b - SPECTRAL PARAMETERS COMPUTED FROM SQUARED
FOURTER AMPLITUDES |f(w)|2 of EARTHQUAKES
(Sixsmith and Roesset, 1970)
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assumed to be that which gives a3 q = 0.65 for the Kanai-Tajimi G(w). In

fact, Qe_7 = 3.67 for Cg = 0.6. In sumary, it is assumed tnat ;g may be

treated as a cunstant equal to 0.6.

2.4.3 The Parameter wg

For the K-T G(w) thz parameter Q, as defined by Equation (2-11) is

Q = 2my_=2.1uw (2.13)

One may then, in the time domain, obtain statistics for the mean rate of
upcrossings of the zero Tevel for a set of real earthquakes, and directly
interpret them as wg statistics for the assumed K-T G(w). For the set
of earthquakes listed in Table 2.2, Figure 2.2 shows the corresoonding
histogram nf @ values, the mean, ( , and the coefficient of variation.
Figure 2.3 shows the variation of the Kanai-Tajimi G* (w) with chang-
ing w,.

9

2.4.4 The Parameter §'

To arrive at statistics of strong motion duration S' the 39 earth-

quakes listed in Table 2.2 were analyzed as follows. The integral
t
( a’(t) dt (2-18)
‘e
a measure of the evolution of the total power of the motion, was computed
and plotted for each of the motions. Figure 2.4 shows a typical result-
ant plot. The region of rapid, linear growth of the integral was visu-

ally chosen to be the "strong motion duration" of the earthquake.
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Earthquake Name Max. Acceleration No. of Points

Number in in/sec? At = 0.02 sec.
1 NOBE VERNON 33 52.930 1508
2 S82E VERNON 33 74.227 1507
3 N S EL CENTRO 34 101.400 1516
4 E W £l CENTRO 34 70.136 1252
5 N45E FERNDALE 38 62.%800 998
6 S45E FERNDALE 38 36.477 993
7 N S EL CENTRO 40 112.866 1457
8 E W EL CENTRO 40 82.797 1490
9 S W STA BARBARA 41 91.250 998
10 N W STA BARBARA 41 93.566 998
N N45E FERNDALE 41 43,158 998
12 S45E FERNDALE 41 47.212 997
13 N8IW HOLLISTER 49 87.643 998
14 SOTW HOLLISTER 49 50.836 998
15 S44W FERNDALE 51 47.650 998
1o NA6W FERNDALE 51 45.779 999
17 S69E TAFT 52 60.602 1497
18 N21E TAFT 52 68.393 3032
19 N79E EUREKA 54 101.672 998
20 S11E EUREKA 54 68.476 998
21 N46W FERNDALE 54 76.917 994
22 S44W FERNDALE 54 62.339 999
23 N S PORTHUENEME &7 58.015 267
24 E W PORTHUENEME 57 33.551 266
25 N10E GOLDEN GATE 57 40.800 631
26 S80E GOLDEN GATE 49,641 662
27 N S NIIGATA o4 51.994 1875
28 E W NIIGATA 64 60.411 1890
29 N65E PARKFIELD-2 66 185.294 933
30 NB5SE PARKFIELD-5 &6 166.674 916
31 NoW PARKFIELD-5 66 154.245 7715
32 NS0E PARKFIELD-8 66 98.546 919
33 N40W PARKFIELD-3 66 93.7%9 928
34 NSOE PARKFIELD-12 66 22.503 638
35 N4OW PARKFIELD-12 66 27.213 529
36 S25W TEMBLOR 66 154.708 503
37 NebW TEMBLOR &6 103.641 495
38 TRAN KOYNA-SAINI 67 163.500 555
39 LONG KOYNA-SAINT 67 223.546 533

TABLE 2.2 - 39 REAL EARTHQUAKE RECORDS
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Figure 2.5 shows the resultant histogram for S*, with Mg, = 8.0 sec, and
VS' = 0.76.
The procedure used is essentially that of Trifurac and Brady [66]

who defined the strong motion duration as the fraction of the total dura-

tion necessary for the integyal to evolve from 5% to 95% of its ultimate
value. With a data set of 363 horizontal components of records associ-
ated with Modified Mercalli Intensities (MMI) ranging frem V to VIII,

they reported M. = 21 sac. and VS' =~ 0.55. Hence their mean strong
motion duration is significantly higher than that cbtained herein; indeed,
it is higher than the mean of the total durations (ms > 20.8 sec.) of the
earthquakes in Table 2.2. Such differences indicate the level of sta-
tistical or "inductive" uncertainty [65] which exists with an as:tumed

probability model and its parameters.

2.4.5 Model Uncertainty and Correlations Among Parameters

The above assumptions that Cg is deterministic and that Wy and S'
may be described by distributions estimated from the statistics of an
arbitrary set of earthquakes, provide sufficient information to model
the character of the seismic input and arrive at distributions of re-

sponses conditional on actual intensity of the motion. Three general

immediate questions arise. What is the statistical uncertainty in both
the probability distribution models and their parameters for a given site?
Are g and S' correlated, thus requiring estimates of their joint proba-
bility distribution? Are g and §' correlated to the intensity of the

motion?
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Regarding the first question, and the customary assumption of
neglecting uncertainties in both the model and in the parameters as

secon -order variations, Veneziana [65] has stated:

"The arbitrariness of this assumption discredits
the claim that a probabilistic approach to safety is
more rational than a non-probabilistic appreoach.”

Indeed the arbitrary set of earthquakes of Table 2.2 was chosen
for a site where no information exists to definitely exclude any type
of mction. For any one site, available geophysical information and pre-
dictions could be examined by experts or groups of experts to select an
"appropriate” subset of realizable earthquakes cnosen from a large popu-
lation of recorded earthquakes. Bayesian techniques [15] may subse-
quently be used to obtain a better distribution model and its parameters.

Even with such a proceddre, significant statistical uncertainty
is likely. Veneziano {65] has developed theoretical methods to quantify
the effects of such uncertainty on seismic risk predictions and proba-
bility of failure assessments. Herein, numerica)l studies are performed
to show the sensitivity of load effect distributions and failure proba-
bilities to alternate assumptions regarding the distribution models and
their parameters.

Regarding the second guestion, the dependence of S' on intensity,
site classification, megnitude, and epicentral distance has most recently
been examined by Trifunac and Brady [66]. Their findings, based on a
set of 106 Western earthquakes, may be summarized as follows. Mean

durations decrease with increasing MMI. Mean durations of strong ground

motion are about twice as long on "soft" alluvium as on "hard" base rock.
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No "simple and obvious" trend with distance or magnitude is apparent
to the authors, although they nonetheless stipulate a linear predictive

equation, perform a regression analysis, and state:

"For each magnitude unit the (acceleration) duration
increases by 2 (sec).... while for every 10 km. of
distance it increases by zbout 1 to 1.5 sec."

The intensity of large magnitude earthquakes, however, decays more
rapidly with distance [14]. This phenomenon is related to the inelastic
behavior of rock and soil at high strain levels [14].

The dependence of & on the above parameters has not been quanti-
fied. Qualitatively, it is known[s6] that high frequency components
decay most rapidly with epicentral distance, therefore p may be expected
to decrease wi:h distance. Alsg, it has been observed [14] that spec-
tral composition shifts to the long period end of the spectrum with in-
crease in magnitude.

Such trends may imply some degree of correlation between ¢ and §',
but certainly do not definitely exclude the assumption of indzpendence.
For the specific 39 earthquakes considered herein, the scattergram of
Figure 2.6 also indicates no clear correlation,

Similarly, a correlation of either Q or §' with the intensity
measure a . has not been established. Figure 2.7a,b, scattergrams of

QVS. d and S' vs. x for the 39 earthquakes, show no clear trend.

¥ma
It must be noted that stationary random vibration theory and first pass-

age problem solutions do, in fact, predict dependence of a . (assuming

that it is a peak statistic of a stationary random process) on the sgiare

root of the logarithm of the product ©S' (see Equation 2.16).  Such
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predicted 3 ax values, however, grossly underestimate Anax observed in
earthquakes having corresponding 9 and S' values.

In summary, the simplest assumptions can initially be made, i.e.,
no correlation between ; and S*' and no intensity dependence of their dis-

tribution.

2.4.6 Intensity Parameter

Having defined the relative frequency coi.tent and duration of

the random process model of the earthquake, there remains to quantify
its intensity. It is clear that geophysical madels which directly pre-
dict Fourier amplitude spectra or G(w) ordinates for a strong motion
earthquake at a site are ideally suited to be used in conjunction with
random vibration analysis. Indeed, much research has focused on this
problem [ 8,21,52]. Berrill, for one, has recently formulated such a
model using the 1971 San Fernando earthquake as his data base. The
method uses a simple two-parameter source model to estimate the source
excitation strength in terms of Fourier amplitudes and then uses an am-
plitude decay expression and scatter statistics to obtain Fourier arpli-
tudes of ground acceleration at a site. For the San Fernando earthquake,
agreement was found between model prediction and independent opbserva-
tions of |f(w)| to within a factor of two or three [8]. Ordirarily,
“owever, site ground motion is not predicted in terms of either G{y)
~rdinates or |f(w)| spectra.

Another intensity parameter which may be directly related to Glw)
ordinates is the variance or mean square value of ground acceleration,

sjuce:



a7
E 6,() & = o2 (2.15)

Again, seismic risk analyses are not customarily performed for such an
intensity parameter. Trifunac and Brady [gg ], however, have begun to
consider correlations between such a parameter and Modified Mercalli
Intensity, Richter Magnitude and source distance.

The most commonly used intensity parameter is peak ground accelera-
tion Ay The merits of such an intensity parameter for describing
system performance have been considered before and will not be discussed
herein. From a random process viewpoint, prediction of such a quantity
is indeed difficult. It requires consideration of the first passage
problem [ 2,60). Existing solutions for the problem generally assume
(or are applicable for) Gaussian, stationary and white processes. The
latter two assumptions are clearly not applicable to the earthquake case,
and hence a suitable solution relating qax and, for example, o, does not
exist. If one applies the solution which is used to predict peak values

of structural response {as used herein and given in [64]) the predicted

median peak acceleration is expressed as:

3rax = 9,V 2 (‘ls—-é}—— 2.8) (2.16)

Such a relationship, however, if used to arrive at o, and G(w) ordinates
from smax‘ overestimates intensities significantly: i.e., the resultant
distributions of locad effects from random vibration analyses have signif-

icantly higher means than those obtained through multiple time history
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analyses utilizing real earthquakes nommalized to the same peak accel-
eration.
There remains then to assume a prnbabilistic model (based on ob-

served statistics) for the relationship between 2 a and Oy- What has

X
been done is as follows. A time domain estimate for the variance of the

motion was calculated by:
T2
o3 o J a (t)dt (2.17)
T
for the set of earthquakes given in Table 2.Z. H and \ define the
start and end of the strong motion duration S'. The {39) amax/oh ratios
were subsequently computed and Figure 2.8 shows the corresponding histogram.
The ratio has, in fact, much larger values than those predicted
by random vibration. The implication is that for real earthquakes, the
peak ground acceleration is a result of transient bursts of
high ground intensity. The histogram of Figure 2.8 is subsequently used
to estimate probabilistically the motion intensity parameter Oa (and
hence ordinates of G(.))given a peak ground acceleration. This format
then allows conventioral seismic risk information on acceleration to be
used to define the "total" earthquake threat at the site. A more de-
tailed explanation of the entire procedure will be giver. in Chapter 4.
The previpus section presented a method to arrive at a probabil-
istic description of the sefsmic loading. As described in the introduc-
tion, the other mair source of uncertainty which affects the likely load

effect distribution is the modeling of the structure. The following sec-

tions summarize alternatives available to account for such uncertainty

and describe the actual methodology used.



49

%,

SINVNOHLEYZ TYI¥ 66 U0 a3Svg SINTYA "o/ *™e 40 Wyw9OLSIH - 8°Z 3¥N914

xeuw
e

™
o~
—

14

S
l - - .
U -

- \D
r._._.
"
ot

OO N N

S32U344ANDI) JO JIQuNY



50

2.5 PROBABILISTIC MODEL OF STRUCTURE

The introduction sumarized the type of muceis which are generality
used for dynamic analyses of structures. It is roted therc that by far
the most common are elastic lumped mass models and that a data base exists
for evaluatino their reliability. The focus will then be on them. In
essence such nodels are mathematically described (for input to random
vibration analysis) by natural periods Ti' modal damping values Ly modal
shapes and modal participation factors Ty The use of empirical formulae
to determine Ti and assumed mode shapes is excluded; therefore we are con-
cerned with model parameters derived from an eigenvalue problem solution.
The above parameters, Ti’ 63 and Ty ar 311 random, given the uicer-
tainty in the factors which determine their value, i.e., mass, stiffness,
energy absorption characterisiics, etc. The most important parameters
which influence structural response are, in fact, T, and Ly’ therefore
an initial assumption will bz made herein that treating only the latter
two probabitistically will adequately represent the uncertainty arising
from the structural model. For Ti (as well as for mode shapes and par-
ticipation facters), it appears that a logical way to quantify uncertainty
is to utilize a random eigenvalue solution [35]: i.e., input second moment
(m, 79 statistics for the stiffnesses and masses and compute second mom-
ents of the properties of the dynamic model. The drawback of the method-
ology is the amount of data which is required for the analysis (also it
gives no information on ;).

Alternately, statistics assessing the reliability and accuracy of

deterministic eigenvalue solutions and T4 assumptions may be used. Exten-
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sive data evaluation and analysis by Haviland [34] was, in fact, per-
formed for proviaing such statistics. His work and its limitations are

sumarized next for both T, and ¢,

2.5.1 The Parameter T;

First, it wust be noted that a sufficient data set of period ob-
servations exists only for the fundamental period of structures. There-
fore, the necessary assumption is made that all other modal periods have
the same uncertainty and are perfectly (statistically) dependent on the
fundamental mode period. Secondly, most period observations are for struc-
tures designed by UBC-like design criteria, which allow inelastic action
during a large earthquake. Qur design failure criteria, as discussed in
Chapter 3, resemble those of the NRC; hence an additional assumption must
be made that the statistics are equally applicable to both design criteria
or philosophies.

Within the above restrictions, Haviland [347 considered several im-
portant points regarding period determination. He quantified the motion-
intensity dependence of periods as well as the permanent variation of per-
iod in the pre- , during- and post-earthquake stages of a structure's life.
Clearly such effects may be mostly explained by inelastic behavior of the
structure and hence, given our severe limitation of considering elastic
behavior only, they will not be considered herein, Of primary interest for
our purposes are histograms of TOBSERVED/TCOMPUTED (TO/TC),where Tc is ob-
tained using an eigenvalue solution. Figure 2.9 is such a histogram derived
by Haviland [34] for small amplitude (nuclear blasts, eccentric mass exci-

tation, iman-induced, wind-induced or ambient vibration) motion.
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Statistics for this ratio for small amplitude motion, large ampli-
tude motion and for the combined data set are given in Table 2.3a,b.

Histograms similar to Figure 2.9 gfve a direct estimate of the re-
1iability of the eigenvalue prediction. Both the histogram and the de-
terministic eigenvalue solution may then be used to quantify the uncer-
tainty in the period of the structure. A cautionary note is [34] that
models included in the data set may have heen biased in the sense that
the 1ikely objective was to model the inelastic behavior of the building

during an earthquake.

2.5.2 The Parameter &

No accepted analytical method exists te predict (deterministically
or s*tochasticaTly) the mcdal damping values for a structure. Hence use
of the statistice of observed values of L as presented by Haviland [34]
is the only gption available, Similar restrictions as those discussed
for period observations are applicable here for the data set of 5 values.

Tabla 2.4, taken from Haviland [34],is a valuable summary of the
statistics of histograms of observed ¢;values for several categories of
motion and structural material type. Figure 2.10 is the histogra) of

values which is most pertinent under the assumption of elastic behavior.

2.5.3 Correlations among Parameters and Model Uncertainty

The three questions raised regarding the ground motion parameters
(see section 2.4.5) must also be raised for the parameters Ti and Ci.

What is the statistical uncertainty in both the distribution models and
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their parameters? Are Ti and Ci correlated, given amax? Are Ti and Ci
correlated with the intensity of the motion?

Again, (as for wg and S') uncertainty in the ¥ ind TO/Tc probabil-
istic models and their parameters will be examined numerically herein,
That is, computed load effect distributions will be obtained for differ-
ent probabilistic models and variations in their moments will be noted.

Haviland [34] addressed the questions of correlation between Ti and
Ly In fact, after plotting several scattergrams of Ti Vs, Ci’ no evi-
dent correlation trend was found. There was, however, the singular ten-
dency of very tall steel buildings to be associated with small damping
values. Herein the assumption of independence is initially made.

As noted previously, periods generally lengthen with increasing in-
tensity, and damping values become larger. The former fact will be
assumed to be mostly a result of inelastic action, and hence assumed negli-
gible in the linear elastic range. The latter trend, however, is recog-
nized to occur even within the linear range. Notably, the NRC Regulatory
Guide 1.61 allows for two different assumptions of damping values depend-
ing on whether the structure is performing "below 1/2 yield" or “"at or
near yield." Obtaining one conditional {on intensity) load effect distri-
bution and then scaling it by an entire range of intensities (predicted,
say, by seismic risk analyses on acceleration) ignores such dependence.
Using the "small amplitude" & distribution to predict load effects due
to earthquakes close to the design earthquake likely intropduces signif-
jcant conservatism. Again, the relative importance of this effect (basic-
ally a shift in the mean value of Ci) may and will be studied numerically

by sensitivity analyses using the overall methodology developed herein.
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Summary

The probabilistic mode! of the earthquake excitation has two random
parameters uy and S' and an intensity derived from a seismic risk analy-
sis on acceleration. The probabilistic model of the structure treats T
and Ei (and similarly all other periods and damping values)as random.
The assumption of independence among the parameters and independence of

each of the parameters from intensity (in the linear elastic range) is

initially made.

2.6 PROGRAMMED PROCEDURES

The basic steps implemented in a computer program to compute load

effect distributions are as follows:

1} Read appropriate data.

2) Perform multiple random vibration analyses using normalized
(5.=1.0) K-T G{w) for all discrete combinations of parameters
a wgs s To/Tes &

3) Derive response distributions unconditional on parameters
g $'y T/T.» &, but conditional on o, =1,0.

4) Derive response distributions conditional on a by incorporat-

ing probabilistic a__ to o, relationship. max

A brief explanation of each step follows,
2.6.1 Data

For purposes of arriving at conditional (on amax) load effect dis-

tributions, the data required may be grouped as follows.

Seismic Loading - Probabilistic descriptions of wg» S' and amax/oa must

be given. Second moments may be given and the probability model specified
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{normal, lognormal} together with the desired discrete values of the
parameter. The model is then discretized and appropriate probabilities
are assigned at each of the desired values. Alternatively, discrete

probability mass functions may be read in directly.

Dynamic Model - Deterministic values of periods, participation factors,
and mode shapes of the structural model must first be specified. Proba-

bilistic models for 7 and T /Tc are then specified as for hh and §'.
a

2.6.2 Multiple Random Vibration Analyses

As stated previously, the programmed amalysis procedures are for
tne random vibration formulation described and developed by Vanmarcke [g4].
The specific routines were initially implemented by Arnold [28], although
important modifications have been implemented. It is to be noted that a
random vibration analysis is done for each discrete combination of param-
eters ub, s', TOITC and t,. Having made the assumption of independence,

the probability of each parcmeter combination is given by:
Plcd = Plug; N S{N{T/T ) N & |

Ple] - °lwy ;1 PS3] PLIT/T,), IPLe,] (2-18)

The number of combinations is the product of the number of values in each

of the discretized parameter distributions, i.e.,

NUMBER OF COMBINATIONS = NZETA * NS * NWG * NTOTC
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tach of the analyses is performed utilizing a normalized (i.e., having

a unit variance) K-T spectral density function. A set of cumulative
distributions for a desired load effect {acceleration, relative displace-
ment or interstcry distortion) results for each point of interest in the
model. Each distribution is defined by a set of previously specified
probabilities of non-exceedance. Figure 2,11 represents the resultant

output.

2.6.3 Remove Conditicnality on Parameters

To remove the conditionality on a parameter combination, it is
necessary to define a new range of response values. What has been dore
is as follows. The weighted {by the probability of occurrence of that
parameter combination) median and extreme values of the set of distribu-
tions are computed. Intermediate values are then chosen (the vector of
values and their corresponding probabilities of non-exceedance are aug-
mented to better define the cumulative distribution) and their corre-
sponding probabilities of non-exceedance are calculated. That is, com-
putations of the form given by Equation 2.20 are carried out. Y. repre-

NO
sents, in generai, a normalized response value.

PIYy < Yyol =

* anpbies PN Yag 1€ P Led (2.20)

The resultant distribution for each point of interest remains conditional

on an excitation random process having a unit variance.
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2.6.4 Change Conditionality on Unit Variance to Conditionality on a .y

Having an array of YNO values and their associated probabilities,

a new response array conditignal on another value of %4 is:

Ya = Yyo * °, {2.21)
defining r‘ = amxlca (2.22)
then ) “ vl
PLY € ¥ |0 = PLY * ¥ la .\ r'] (2.23)
and
PIY < Yofa d= L PIY<Yja, .r']Plr]  (2.24)

All r! -

A procedure similar to that described in secticn 2.6.3 is, there-
fore, followed. Given an dpay 3 set cf distributions of Y results for
all values of r', since each amax/r' defines a g, . A new array of re-
sponse values must then be defined as in section 2.6.3 and, using Equa-
tion (2.24), corresponding probabilities of non-exceedance computed.

The expression (2.24) above then yields the desired distributions
of responses which can, in turn, be combined with seismic risk analyses
to obtain overall recponse distributions. The latter may be used {in
conjunction with strength distributions) in a reliability analysis to
obtain estimates of probability of failure. Chapter 4 will directly
concern itself with such evaluations. At the present, effects of uncer-
tainty in the wg» S'y Gy To/Tc models and their parameters on the condi-

tional Tgad effect distributions may be evaluated. First, however, it

is important to relate distributions obtained by the methodology described

to those obtained through multiple, conventional time history analyses.
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2.7 COMPUTED LOAD EFFECT DISTRIBUTIONS

For purposes of comparison, the models described in Table 2.5 will
be used. They are the same as those used in Reference [72], and they
have been chosen because multiple time history analyses with the set of
earthquakes shown in Table 2.2 were performed for those structures. All
the earthquakes were normalized to a peak ground acceleration equal to
0.3g9, and deterministic models were used with modal damping Ci = 0.02 in
all the modes. For comparison purposes, then, the random vibration anal-
ysis described herein was used with the wg and S' distribution moments
derived from the 39 earthquakes, and shown in Table 2.6. Both parameters

were assumed to pe Tognomally distributed. For purposes of analysis,

the distributions were subsequently discretized.

] '
wg-E S' - Sec.
m 12. 8.
cov 0.5 0.725%

TABLE 2.6 - MOMENTS QF W AND S' DISTRIBUTIONS

The parameters TO/Tc and ¢ were considered deterministic and equal
to, respectively, 1.0 and 0.02. Figures 2.12 through 2.19 compare distri-
butions of the first and fourth floor interstory distortion and accelera-
tion responses obtained by the two methods for the two structures. Fur-
ther, Table 2.7 summarizes the moments of the resultant distributions.

The table typifies the accuracy of the proposed methodology. Mean values
match most closely. Agreement in the mean may be expected to be tetter

for shorter period structures whose responses for a given excitation dura-
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tion approach stationarity {because of the larger number of cycles of
response). Matches in coefficients of variation and of skewness are less
accurate, although the limited statistical data base (39 responses) may
itself lead to only approximate computed values for these two moments.It may
further be expected that the coefficient of variation and the coefficient of
¢,ewness from the random vibration as well as the response spectrum
methodology would be equal for the fourth story acceleration and inter-
story distortion responses. In fact, both methodologies compute spectral

{or pseudo) acceleration values. That is, for the root-mean-square modal

values, it 1s assumed in the random vibration procedure that

N

2 - 2
I Acc.” “k Ok, Rel. Displ. (2.25)

where k denotes a particular mode. Further, the approximate random vibra-
tion formulations to obtain distributions of peak values are different

for the interstory distortion and for the acceleration responses [64].
Both of these approximations account for the observed discrepancies in

the moments.

It is to be noted that all the load effect distributions are posi-
tively skewed (with positive values only}, hence an assumption of a log-
normal type of distribution is often made. Figures 2.20 and 2.21 are
plots {(on normal probability paper} of the logarithms of the ISt floon
acceleration and 4th floor interstory distortion response values for the
model having T] = 0.377 sec. A straight 1ine would corroborate the log-

normal distribution assumption. It may be observed that, at the higher
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fractiles, which are of most interest in reliability calculations, devia-

tion from linearity is small.

2.8 EFFECTS OF RANDOM PARAMETERS ON MOMENTS OF CONDITIONAL LOAD EFFECT
DISTRIBUTIONS

It is pertinent to attempt to quantify the relative importance of
each of the assumed random parameters (C,wg, s', To/Tc) in determining
load effect distributions and their moments. Similarly, t is important
to quantify the effects of uncertainty in the moments of the random param-
eter distrihutions on response values. Both points will be addressed in
this section. 1t must be recognized, however, that the effects will
clearly be different, depending on the type of load effect considered
and the nominal value of the fundamental period of the structure. For
example, given that a structure's fundamental period is in the constant
acceleration range of tne response spectrum, it can be anticipated that
period uncertainty will have little effect on the distribution of the
acceleration response. By examining variations iQ distribution maments
for both the structural models described by Table 2.5, these points will
become evident.

Consider the following studies: The coefficient of variation of each

of the parameters is varied, in turn, while:

1. Assuming the other parameters as deterministic at their mean
values,

2. Assuming the other parameters random with best estimates of
their distributions.
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The following argument is made to interpret the above procedures.
From a second-moment formulation [62], the total variance of the condi-

tional response may be expressed as (see section 2.9 for a more complete

explanation).
2 - 2 -
TResponse ~ “Random Phasing & + f (33352-2—25?—)02 (2.26)
a—=o_ Randomness  i=1 3%y X

where x; represents any one of the four random parameters. Data from
study 1 above can isolate the individua) contributions in the summation.
These may, in turn, be used to predict the response variance for any
group of parameters considered random. Hence variances resulting from
study 2 may be used to compare with (and evaluate) the second moment pre-

dictions. Actual numerical results will be given later in this section.

2.8.1 A1l Parameters Except One Deterministic at Their Mean Values

Figures 2.22 to 2.25 show variations in the moments (m, COV, €0S)

of the distributions of the following responses:

a) lIst story distortion
b} st story spectral (pseudo) acceleration
c} A4th story distortion
d) 4th floor spectral (pseudo) acceleration

Figures 2.22 and 2.23 are for the Tl = .377 model; Figures 2.24 and

2.25 refer to the TT = 1.13 model. The variations are with respect to

the basic case where the four parameters 05, s', ¢, To/Tc are considered
deterministic at their mean values. In this study, each one of the param-
eters is, in turn, alliowed to be lognormally distributed with best estim-
ates of the moments {m, COV) as per Table 2.8 (see also Figures 2.2, 2.5,

2.9 and 2.10).
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m cov
14 .02 .75
T/ .85 .33

o C

wg 12 1/SEC .5

S' 8 SEC .75

TABLE 2.8 - MOMENTS OF LOGNORMAL DISTRIBUTIONS OF PARAMETERS
Ts TO/TC. wg and S'

Interpretation of Results - Iq = ,377 Sec, Model, First Story Distortion,

rigure 2.22

Generally, it can be seen that the mean has least variability of all
the moments with values generally from 90¥ to 110% of the base value.

For each of the parameters the following additional observations are made.

$' - The mean decreases as $' is made random because at T < 8 Sec.(A bar
indicates mean vaiue)the response may be close to stationary; therefore
higher durations do not cause significantiy higher responses, whereas

lower 5' values may imply non-stationary or lower response values. It is
apparent that the relative magnitude of §' with respect to the nominal
fundamental period of the structure is significant in detemmining whether
the mean response will increase or decrease. Since for the T, = 0.377 Sec.
model the effect of a rvandom S' is mainly to increas. the 1ikelihood of
lower responses, it is seen that, correspondingly, the coefficient of

skewness also decreases.
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fis' Introducing a probabilistic model for “b also decreases the mean

load effect. Again, the relative position of the mean, Zb, with respect
to the period of the structure is likely to contral such an effect. In
this case 3; = 12 1/Sec.or Ta = .52 Sec. is close to the fundamental
period of the structure, T] = 0,377 Sec.; hence, by assigning zero proba-
bilities to other ub values, we are conservatively assuming that the
earthquake will have the most power in the region where it is most effect-

ive, i.e., near the natur~1 period of the structure.

To/Tc - The coefficient of variation, as expected, increases as any param-

eter is m:de random, and notably the greatest increase is from the T0/TC
randomness. Considering that 0.377 Sec. lies in the "constant accelera-
tio portion of the response spectrum, it becomes clear that a change in
TI affects the relative displacement (or interstory distortion for the

first story) response the most.

L - A1l monents increase as this parameter is made random. Since response
is a nonlinear function of g, lower 7 values cause extremely high respon-

ses which increase the positive skewness of the distribution.

Interpretation of Results - T] = 0.377 Sec., First Floor Spectral Accelera-

tion and First Story Distortion, Figure 2.22

A comnon first-passage problem solution is used to obtain distribu-
tions for both spectral-acceleration and relative displacement responses
once the root-mean-square values have been computed. Thus the coefficient of

variation anc coefficient of skewnessc of thebase distributions, i.e., those
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obtained considering all the parameters deterministic, are common for the

two responses. Similarly, if one mode dominates root-mean-square responses

and T /T is deterministic, the effects (on the COV's and tne CUS‘s) of
making ub and S' random should be similar for both acceleration and rela-
tive displacement responses. In fact, for this siructure such similar vari-
ations may be observed for the two responses. The parameter TOITC. which

is partly a reflection of the uncertainty in stiffness and mass, causes
markedly different effects on acceleration and relative displacement re-
sponses. This, again, may best be interpreted by recognizing that the
fundamental period of the structure lies in the constant acceleration

range of response spectra.

Interpretation of Results - Ty = .377 Sec., Fourth Story Distortion,
Floor Spectral Acceleration. Figure 2.23

Given a deterministic model with no damping, it can be expected

that these two response values have the same moments. This is true since
for the close-coupled, lumped-mass model being considered, force equilibri-
um requires that the top floor acceleration be directly proportional to

the interstory distortion. Damping does exist, however, and two further
points are to be remembered. One is that spectral acceleration rather

than actual peak acceleration is being computed. The other is that the
random vibration solution superposes modal root-mean-square response

values in an SRSS fashion and subsequently uses different approximate

first passage probiem solutions to arrive at distributions of interstory

distortion and acceleration. Given the above approximations, exact
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agreement is not expected. In fact, the base values of the moments and
their variations are slightly different.

Given a non-deterministic model {(i.e., TOITC,; random), the moments

of the two responses need not be the same since, in effect, the fourth
story mass, stiffness and damping, the quantities which link the two re-
sponses, are themselves random. Hence it is not unreasonable to find
that for To/TC random the interstory distortion has significantly higher
COV and €0S in comparison with the fourth story spectral acceleration

response.

Interpretation of Results - T] = 1.13 Sec., First Story Distortion,

Figure 2.24.

As for the T1 = 3.77 Sec. model, the mean is relatively stable at
its base value. The base COV is significantly higher than that of the
.377 Sec. model, an expected result given conditionality of responses on
peak ground acceleration. The effects of the individual parameters may

be summarized as follows.

S$' - For this structure, response at S = 8 Secs. is Tikely to be non-
stationary, hence increased durations do cause higher responses, OQOue to
these higher responses, the COS increases rather than decreases as for

the previous model.

wg The increase in all three moments is due to the fact that G{y)'s with
ug values closer to the fundamental period, say wg = 6 Rad/Sec, cause
greater responses than the G(w) with vg = ;é = 12 Rad/Sec. Understandably,

the effect is ~pposite that found for the T] = 0.377 Sec. structure.
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T /T_ - In comparison with the previous model, the influence of this param-
o €

eter is diminished. Both the mean and the COV are less affected, and the
resultant absolute value of the COS i¢ mucn smaller than that of thg 0.377

Sec. structure.

¢z - The influences of ¢ are similar, although of somewhat greater magni-

tude, to those found for the T, = 0.377 Sec, model.

1

Interpretation of Results - Tl = 1.13 Sec., First Story Relative Displace-

ment and First Floor Spectral Acceleration, Figure 2.24

The notable observation to be made is that the g parameter (as it
is made random) causes different effects on the moments of the relative
displacement and acceleration responses. notwithstanding that a common
first passage solution is used to compute load effect distributions. The
implication is that the ratio of the total root-mean-square spectral accel-
eration response to the total root-mean-square relative displacement re-
sponse varies for different values of w_.

9

Interpretation of Results - T] = 1.13 Sec., Fourth Story Distortion, Fourth

Floor Spectral Acceleration, Figure 2.25.

As discussed for the other model, equilibrium considerations indicate
that, for a deterministic structure with no damping, the moments of the top
story distortion and peak floor acceleration are the same. The differences

in moments of the two responses apparent in Figure 2.25 for the three per-
tinent cases (all parameters deterministic, only ub random, only S' random)

are, again, due tu a combination of factors. One, modal root-mean-square
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spectral acceleration (ck a w; * o: y) is computed: two, modal root-
1 ] ]

mean-square responses are combined in an approximate SRSS format, and

three, two different approximate first passage sclutions are applied to

obtain distributions of responses.

2.8.2 A1l Parameters Random But One

Load effect distributions were first computed assuming all the
parameters to be random, lognormally distributed with estimated moments
given by Table 2.8. Then, 1n turn, each (one) parameter was made deter-
ministic. Figures 2.26 through 2.29 show the resultant variations of the
moments of the distributions of the same four load effects considered in
the previous study. The primary purpose of these runs was to calculate
moments (specifically variances) which could be compared witk those pre-
dicted by a second moment formulation. The data is otherwise difficult
to interpret in terms of the effects of individual parameters.

Qualitatively, of course, the COV and COS generally decreased and
the means remained stable. Variations in the computed moments for the
basic cases, i.e., all parameters determininistic and ali parameters ran-

dom, are summarized in Table 2.9.

2.9 APPROXIMATE SECOND MOMENT ANALYSIS

A second-moment random variable is, by definition, described by its
mean and variance. I¢ is an incomplete description if the underlying
Probability density function (PDF) is other than Gaussian. A seccnd-moment

analysis generally arrives at an expression for the mean and variance of a



L

o8s £{ET0 = 1

*SISNOdSIY AYOLS 4l 30 SINIWOW NI NOILVIWVA - 92°¢ 34N314

JL3siuLwualag 2 ALup

drastuamalag 21/°%) Aug

JL3SLULWARYA(Q 6. Klug

JLIsLuLWIalaq S ALug
(aseg) wopuey sdalauwedey ||y

® UQ) LBUOLILPUO) JO SIUBWON 4O SOL3IBY

J13sLulwaalag = Alug
s1astutuaiag “1/°1 Aug

oL3SLuLuudlaq m, £Aug

JL3siuLwaalsq s ALuQ

(;703s/ut 08"y =
(02°L = anjep aseg) SOI (05" = aniep aseg) AQD anjep aseg) ueay
Lot 8 9 | oL 8 ey, ot ¢
-0 _ —0
" o
I o—
L o o—
! 6
2 asuodsay uoLjesd(ady (blo'o = “xeu
(u1210°0 =
(06°1 = antep aseg) SOI (62°0 = anpep aseg) AQ) anjep aseg) ueay
0l 0 m. i mm o't N . mhp \ 0! mm‘
© ———© —o
-0 < o
q q o
——90 ——0 o—
¢ o &

(9seg) wopuey Sudj3uedeq |y

asuadsay juawade|dsig aatiedy (61070 = xel ug) (BUOLILPUO) SO SIUBWON 30 SOL3ey



LLE°0 = _.._. *SISNOASIY AYOLS ya? 40 SINIWOW NI NOILVIWvA - £2°2 3¥n914

Awumm\c_ g1t =

(6171 = 3nLep aseg) SOI (29° = onLeA aseg) ADD an|ep aseg) uesy
0L 8" 9° 0 8" 9’ ¢l 0°L 8-
+ A + % |T|||T||41||+|11T
—0 ———————o —a S13stutuudlag o ALug
B l N a3stutuaiag “1/°) Aug
j—o o o— J1351uLwalaq ma Klug
L | SN A JL3stutwadzan s ALup
! h p (9seg) wopuey sudjaweded |y
o asuodsay uoL3eda(addy (10°0 = TRl uQg) (euoL}ILpuo] J0 SIUAOK JO SOLIBY
- (u L¥00°=
(£8°L = anjep aseg) SOI (LL- = angep aseg) AQ) aniep aseg) ueay
0°1 m. r\\mw o'l mw ) 9’ &L 0l 8"
| ° ° - J13stuiwudlaq 2 Auo
o ————————————0 —o0 J13SLULtWaala] uh\OP KLuQ
- o JL3SLULWAIYAQ ma Aup
o o J13SLuLwadlag ,S ALuQ
é °© (9seg) wopuey sadjawedeqd ||y

*Xeuw

asuodsay juawdde|dsig aaLie|dy (610°0 = ® UQ) |PUOLILPUO) 3O SIUAWOK IO SOL}BY



91

"I9S gL = :. *SISNOASTH AYOLS 35l 40 SINIWOW NI NOILVIWV: - 82°2 34n9ld

(20°L = anpep aseg) SQ) (85" = anyep aseg) AQD m:?>Ammmmv. ueay
01 8" 9’ A 0°1 8’ t'to’t 6
—— A —————t- +—t —~+—t ——rt

—o ———0 —o0 J13stutwaalag 9 Alup

: o A astupumalac 1/°1 Aup

Ho o~ JL3SLULWAYDQ ma ALup

I, I o—] JL3StuUlWualag ,$ Ajup

& h o (9seg) wopuey sdajaweded ||y

asuodsay uoL3eda|addy (Lo°0 = .xm:.m uQ) LeuoL3Lpuo) JO SJUWOK JO soijey
(s290" =

(€8°L = angep wmmmu S09 (be: = anjep aseg) A0D anjep aseg) ueay

8 9 ¢t , ot ¢ Lh 0L 6

—o —o —o JLISLuLualag 9 Atup

e ——Y o o) J13StLulwadalag u._.\op ALup

[ ° B —® JLISLULWABIB(Q ma £uo

. N o JLIstuluaalag s Aup

5 »ﬁ . (aseg) wopuey saalaweued ||y
“Xew

asuodsay juawade|dsig aAtje(ay (61p7Q = B uQ) |PuNLILPUO)SO SIUBWOK 40 SOLvYy



92

(g2°1

gL't = —h *SISNOASIY AYOLS ua? 40 SINIWOW 30 NOTLVINVA - 62°2 3Yn9Id

= anlep 9seg) SOI

0L 8

9°

(€71 = anLep aseq) S07

1 T ma T

| —

0°L 8’

n :

T

(69° =

9N eA wmmmv AOQD

01 B’

N

e
——— - \g

- —-0

o

¥

25u0dsay uoLead|3ddy (b0’ =

9

T

+

(69

an|ep aseg) AQ)
0'L 8"

=+ +

"I3s/UL | =
anlep aseg) ueay
't o'L 6
—eee e
L o J135LULWAalaq 9 ALuQ
o suystuuaalag J1/%1 Alug
P J13sLulwaalag ma Alug
o JL3Stutwaalaq S ALuQ
d (9seg) wopuey Su3jaweaed |ly
*Xew

e UQ) (PUOL}LPUOY O SIUBWOK 40 SOLIBY

m:wQN0.0 =
onjepA Mmmmv ueay

'Lt 0°1 6
——t
L o JL3ISLULWABYIAN 2 Aluy
o J1351uULwadlaq UF\oH AiuQ
213SLULWAd}aQ m3 Kup
91%6 Jt3stutwadlaq 5 A1up
b (8seq) wopuey S4d}3weded ||y

asuodsay juawdde|dsiqg aAitlelay (bio-o - xRy uQ} LPuOLILpPUN) JO SJUBUO JO SOLIvY



33

A1l Parameters Deterministic ATl Parameters Random |
Response ) 'Mean 2 ' Hgan 2

in-in/sec . cov. ~ Cos in-in/sec” COY Cos
1st Story Dist.| 0.8 | .27 .56 | .0121 ' .78 | 1.93
S |ath story Dist.| .00 25 .52 | L0047 = .78 | 187
. |1st Floor Acc. 5.03 . .27 .56 4.80 .50 ; 1.20
o~ |ath Floor Acc. | 130 ° 28 0 sa | s 52 1.20
~ |1stStory Dist.| 0608 43 .36 | .0625 .74~ 1.83
— [8th Story Dist.| .0265 .34 .36 0268 .69 . 1.73
o |1st Story Dist. 3.87 .43 .36 3.93 .58 - 1.02
+ {4th Story Dist. 7.23 .49 .45 7.7 .65 , 1.23

TABLE 2.9 - MOMENTS OF RESPCNSE DISTRIBUTIOGNS

random variable of interest in terms of the means and variances of the random
variables it is functionally dependent on [52]. If the functional relation-
ship is other than linear. a linearization (by a Taylor expansion and first
order truncation) must first be made. The accuracy of the linearization
must clearly be checked before such an analysis may be used to estimate
moments .

Briefly, then, if a response variable Y is, in general, a nonlinear

function of a vector of variables:
Y - a(x) (2.27)

a Taylor expansion and truncation give:

Y = g(m) + > (x - m) (2.28)

and the mean and variance of Y are given hy:
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Y = g(m) (2.29)
, T
oy = gll B (2-30)
where 3g(x)
B = | (2.31)
X=m
==
is a row matrix
u? 0. G0, .« . »
1 172
and I.= l-.' ‘. } {2.32)
£x ) o2
SYM, o?

is the covartance matrix,

Further, if the random variables are considered indenendent,

fquation (2.30) reduces to:

;- ) [39(5_3

i | 2%

2
)_&_=[nJ Uxi (2.33)

In this chapter, a response Y has been expressad in terms of four

random parameters [, TO/TC, w.s S'. It is recognized, however, that

g’
additional underiying variability comes directly from the random phasing
of a motior and the inncerent uncertainty in the G (., intensity given a

peak acceleration. Hence, Equation {2.33) above may be expressed as;

(’ff = 52 y N 4 By ! 7 )
Random Phaving 7 ™ {2 (2.34)
and amaxﬂ’a V=1 9%y X;® miJ X5

Uncertainty
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It is apparent then, that by considering all the parameters deter-
ministic, the uncertainty given by the first term remains. Also, by
assuming only one parameter at a time random, each term of the summation
may be isolated; study 1 in fact provides such information.

As an example, data from Figures 2.22 and 2.24 is used to calculate

contributions to the variance of the first story distortion for both

dynamic models., Table 2.10 summarizes the results; the relative impor-

tance of any parametev clearly depends on the nominal fundamental period.

Now, dati from Table 2.10 can be used to predict the variance of
the same response for any combination of parameters considered random.
Specifically, Table 2.11 shows computed variances {from Figures 2.26 and
2.28) and those predicted by appropriate addition of contributions given

in Table 2.10. Also compared are the coefficients of variation.

2.10 SUMMARY

As a first step toward computing reliabilities in the sense de-
scribed in the introduction, this chapter presented a practical method
to compute conditional {on the intensity parameter amax) load effect dis-
tributions. 1t essentially consists of weighted multiple random vibration
analyses using four key random parameters, -, wg’ TO/TC, S' to quantify
the variability in elastic load effects. Some resultant distributions
were compared with those obtained through multiple time history analyses;
acceptable agreement was noted. Limited studies to assess the relative
influence of each parameter on moments of load efiect distributions were

then conducte?d. Finally, in an attempt to predict response variances
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T1 = 0.377 T1 = 1,13
i x 10 i x 10°
Random Phasing
and amaxba 10.0 6.9
Uncertainty.
(2L)2 g2, 2.9 2.2
3s’
(24)% 02 4.3 3.2
g q
2
(574m) o3 72.8 2.6
aly/Te To/Tc
()2 42 14.6 1.6
9g z

TABLE 2.10 - CONTRIBUTIONS TO THE VARIANCE OF
THE FIRST STORY DISTORTION
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for an arbitrary combination of random and deterministic parameters, a
second moment formulation was utilized.

It may be stated that the relative influen:es of the parameters
“g and S' are very sensitive to the nominal period of the structure.
Therefore, if a second moment format is to be used to predict response

variances, sets of infiuence coefficients must be computed, each applicable

in a narrow period range only.
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CHAPTER 3
DISTRIBUTION OF STRENGTH MEASURE

3.1 INTROOUCTION

A methodolugy to arrive et load effect distributions at the member
level was only briefly outlined un Figure 1.1. Chapter 2 focused on
developing a method to arrive at distributions of responses at the fleor
or dynamic model level for a general linear system defined by eigenvalues,
eigenvectors and participation factqrs. However, only close-cpupled shear
beam models were used therein to illustrate the capabilities developed and
to perform parametric studies. [t is5 within the context of such models
that strength measures are discussed in this Chapter. Further, although
shear peam models rave been adapted ‘o represent the behavior of braced
frames, shear wall structures, and infilled frame buildings [29], they are
evidantly more applicable to rigid frame systems. It is only for such
systems, then, that strength measures and their uncertainty will be exam-
ined.

It is noted that by considering floor leve?! responses only, the dy-
namic analysis is simplified, but the strength measure becnmes more diffi-
cul*t to quantify analytically. Further, experimental data quantifying
strength at the floor level is not available. Conversely, reliable stud-
ies on strength at the member level [18,19,59] have been conducted, but
the analytical procedures to arrive at distributions of dynsamic load ef-

fects at that Tevel are more difficult and costly.

It is known trat strength uncertainty is a functior of the material

used, and the level of incpection and control cxercised during manufacture.



100

As an example, concrete as a construction material may have to satisfy
a variety of acceptance criteria or performance specificaticns, depend-
ing on the design philosaphy; concrete for NPP reactors must meet much
more extensive requirements [81] that would ordinarily not be imposed.
Reference [51] notes:
“It should be understood structural components important to nuclear
safety require more stringent material, fabrication erection and
inspection controls, quality assurance and control requirements

than are required for conventional structures. Qualitat.vely such
procedures should result in a more reliable structure...”

The consequences of variable control requirements on strength uncer-
tainty will not explicitly be addressed herein.

Furtiher, gross errors in construction (e.g., connection details)
fabrication or design may significantly affect the strength and the relia-
bility of a structure. Venezianc [t5] points out that failures at very
small (earthquake) intensities are primarily due to such errors rather
than to the seismic load. Of course the knowledge that the system has
survived previously applied loads ensures truncation of the resistance
density at low intensity levels [65]. It is assumed herein that such
errors are precluded, and that only "normal™ strength uncertainty resuit-
ing from "normal" control is present.

In summary, this Chapter quantifies probabilistically floor level
strenqth measures used to model the behavior of rigis frame structures
with shear-beam type models. A detailed design is presented to illustrate

the sgurces of uncertainty and the level of assumptions required.
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3.2 FRAME BEHAVIOR

A typical building rigid frame is shown in Figure 3.la ., Assuming

shear, buckling, and axial failure modes have been precluded, it yenerally

exhibits static interstory shear vs. distortion behavior similar to that
depicted in Figure 3. 1b.

The exact form of tne shear distortion behavior 15 a function of the
relative strength and stiffness of che members ard the loading conditions,
i.e., presence of gravity loads, distribution of lateral loads along
height, etc.. Pique [48] has quantified some of these dependencies for

d-story, 10-story and 16-story frames. His results will be referred io

herein.

3.3 SHEAR BEAM MODELS AND PARAMETERS

As a first approximation, the simplest dynamic model for predicting
the dynamic behavior of such a frame is generally the lumped mass, close-
coupled shear beam system shown on Figure 3.2. Each spring is generally
assumed to have one of the idealized shear-deformation relationships shown
in Figure 3.3(48].

[f strictly elastic behavior is to be modelled, only the stiffness
1 needs to be estimated for each floor (Chapter 2 implicitly treated K]
as random by assuming the natural pericds of the structure to be random).
if reliability is to be estimated and if a limit-elastic failure criteria
is adopted as has beern done herein, a limiting resistance (R, R', etc.)
or distortion (AY.A;, etc.) measure of strength must be defined. Of course

if inelastic behavior is to pe predicted, the full-range of the shear



ST
h |

e

o

e BN

g

|
N

10t

¥

Interstory Shear

Interstory Distortion
a) b}

FIGURS 3.1 - TYPICAL BEHAYIOR QF A RIZID FRAME SUBJECTED
TO LATERAL LOADS

NN s
FIGURE 3.2 - SIMPLE DYNAMIC MODEL OF RIGID FRAME



103

Iy 4 Q1Y v NI Aw0LS ¥V 40 SOILSI

-43Li0VYYHD NOTLYCLSIA-HYIHS YNILNAWOD YO:- A90T0GOHIIW - b'€ 3FWNIls

Aﬂ :wUOs A—u
3d0{3AL] 1s4t4,  [u¢]oly 28N waoyiun

.L.b I W NN T ] Jﬂl ST

SN

IWvdd QI9IY v NI A¥OLS
¥ ¥0s SOILSTZILIVHYHI NOILYWOLSIG-¥Y3IHS Q3ZITWIC! - £°¢€ Jdntis

4B3ul (13N (2 ABBLL14] 1 q 4B3UL | 1g VY

Uo134035L(Q A U0 3403510 v uoracystg A

' 403YS
nd

[+3]
c




104

distortion properties must be defined. Roesset and Piqué [ 48], and

Anagnostopoulos [29] have recently examined the relative merits of alter-
nate methodologies for defining spring properties for purposes of inelas-
tic dynamic analysis. To illustrate the types of uncertainties inherent

in the shear-beam model, such methodologies are briefly discussed herein,

3.3.1 Stiffness S
The stiffness K] is fictitious in the sense that other displace-
ments are allowed to occur at the same time as the individual interstory

distortion of interest. Generally, Eq. (3.1) [29]

K, = 28E ! — (3.7}
1 h 2 . 1 + 1
K Xya Fgp
EKC = Sum of column stiffnesses I/L in a story
ZK_ = Sum of girder stiffnesses in floor above

9,3
xKg b° Sum of girder stiffnesses in floor below

is used to estimate K]. The main assumptions used in deriving Equation
{3.1) are that the column shear; above and below a joint are equal and
that the rotation of all joints in a floor are equal. Equation (3.1)

reduces to the classical linear, lateral stiffness of fixed-end bending

members as ZKg a and tK approach =, Equation {3.1) does not account

g,b
for the decrease in lateral stiffness because of axial deformation in the
columns. Of course for concrete frames it is difficult to estimate proper

values of £ and 1. An alternative procedure, followed by Piqué [48], is
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to perform incremental, nonlinear static analyses under lateral loads
having assumed distributions as shown in Figure 3.4a) and to calculate

the floor stiffnesses directly as:

-

K oo (3.2)
n

The lateral stiffness obtained through such a methodology clearly
includes the effects of column axial deformation. Piqué has found that
the K, for the lower stories (for the three frames analyzed) is stable
an. independent (a3! values with + 3%} of the type of load distributicn
considered. The stiffnesses of the higher stories, however, are sen.itive
to the type of load distribution and such sensitivity increases as the
number of stories increases., Differences in stiffness ranging from 3%
for the four-story structure to =~ 15% for the sixteen story structure
are noted [48] as the load distribution is changed.

In effect, then, even with a perfectly deterministic structure, the

concept of an equivalent :L2ar spring stiffness K1 is a function of the

type of excitation exoerienced.

3.3.2 Story Yield Strength

At the present only preliminary observation: on the variability
of shear-beam story yield strength for deterministic structures are avail-
able [4g]. It is believed that such a strength measure is primarily de-

pendent on the form of the strength interaction diagram for the individual
beam column members, or, in a related way, on the type of failure mechan-

ism which gccurs. Several investigators [31,49] have formulated probabil-
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istic descriptions of stary yield strength conditional on the occurrence
of a specified failure mechanism. [t is apparent, in view of the paucity
of data regarding mechanism uncertainty, and the difficulty of an analyti-
cal formulation, more meaningful reliability estimates may be made for

structures in which such uncertainty is precluded.

3.4 DEFINITION OF STRENGTH MEASURE

Since an estimate of component safety is desired, and failure has
buen defined as exceeding a distortion level AY. it is necessary to arrive
at a probability distribution of AY. To this end, AY must first be defined
and the sourca2s contributing to its uncertainty identified.

Several interpretations for &y may be used: Figure 3.3 illustrates
three possibilities: the point A at which deviation from =lastic behavior
firsi occurs, the fictitious point B which corresponds to the intersection
of the initial stiffness and the maximum resistance lines, or point C
which is the intersection of a fictitious stiffness line (whose purpose
is to provide an idealized curve with the same included area ar the actual
curve) with the maximum resistance line.

The point A is not a good measure of the strength of a story. It
varies significantly with the actual magnitude of gravity loads. Addition-
ally, considering steel structures, it will be highly dependent on the
residual stress distribution of the members. The point C can only he de-
fined a posteriori of an inelastic analysis. Hence the Ay corresponding

to point B is assumed herein to be the story yield level strength measure.
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[t is apparent that uncertainties in both R and K1 affect the proba-
bility distribution of Ay Uncertainty in the level R is, in turn, a
result of uncertain failure mechanisms (as noted previously) and strengths
of individual members. Similarly, the fictitious K] may be dependent
on the loading condition as well as uncertain individual member stiff-
nesses, uncertain joint conditions and the presence/stiriness contribu-
tion of nonstructural elements.

Only one of the ahove sources of uncertainty is explicitly considered
herein, i.e.. the one arising from uncertain member strengths. Uncer-
tainty in failure mechanisr ‘s rrecluded by the type of building dis-
cussed (see section 3.5). For purposes of defining AY from estimates of

R, the stiffness K, is_assumed deterministic at the value predicted by

Equation (3.1). This approximation may be realistic for the 4-story build-
ing considered herein; Pique has noted least variation in Ky for the short-
est rigid frames [4R]. It must further be noted that no methodology is
proposed herein to arrive at the entire probability distribution of By
rather, a secord moment description is attempted. Clearly an analytical
probability distribution must subsequently be assumed to arrive at an
estimate of safety.

1t ceems desirable, fcr rurposes of comparison of design methods
(Chapter 5), to arrive at the second moments of AY directly from a design
load effect such as interstory shear. That is, it is desirable to avoid

actual member design and simply state:

v
— - - DES
(AY' O’; ) = (kADES, Ué ) = (k _K

s OZ ) (3.3)
Y Y 1 Y
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The type of distribution is assumed as well as its variance, with
the AY mean value a multiple of the design interstory distortion. Such
an approach will be followed in Chapter 5. To arrive at acceptable values
for k and 53 , however, a more detailed approach ic followed herein; i.e.,
actual membe:s of a specific building are designed by a desired method

and performance criteria and then the mean and variance of AY are pre-

dicted through a second moment approach.

3.5 EXAMPLE PROBLEM

The simplest example problem, a 2-D shear beam model, is first postu-
lated as follows. A hospital structure with interstitial space {i.e.,
trusses between columns), unbraced, may behave in a manrer which can be
rightly represented by a simple shear beam model. Assuming symmetry, a
2-D model may be used for analysis. Figure 3.5 depicts the actual 4-story
2-bay structure which will be considered. For illustration (and since
the methodoogy presented in Chapter 2 was for gbtaining elastic load
effects), it is assumed that the structure is to be as "seismically safe"
as a nuclear power plant; therefore NRC-T1ike seismic force levels, design
philosophy and performance criteria are to be used. As an introduction,

then, both the ACI-AISC and the NRC (like) criteria are briefly reviewed.

3.5.1 Design Criteria

ACI-AISC Criteria. The normal ACI-AISC design criteria, listed in Table

3.1, assume UBC-1like seismic design load levels and performance criteria

t0 arrive at load factors or allowable stress levels when seismic forces



109

[ L1 7 L1 T71
11 R
HE 1 N
r T L 11 ; §' typ
™ w “33“1 e
L :

FIGURE 3.5 - SIMPLE FRAME TG BE DESIGNED FOR SEISMIC LOADS

] Acceptance

ACI Criteria
1.4D + 1,70 ¢ *Strength
Strength J75(1.4D + 1.7L + 1.7W) >
Design .75(1.4D + 1.7L + 1.1(1.7E)) 2?519n
Mtimate
-90 + 1.3d Load Effect
) 90 + 1.1 (1.36)
Alternate | All Load Combinations f. < .45 fe
Design . <
Method above with fg < .4 fy
L.F. = 1.0 Y., Increase
w?th WorcE.
AISC Acceptance
Criteria
1.7(D + L) b "
Plastic 1.3(0 + L) + 1.3(E) §;‘+ TTTﬁ—ﬁb < 1.0
Design
g 1.3(0 + L) + 1.3(W) M <M
Elastic A11 Load Combinations AISC A}}gw?ble Stres-
Design . ses, ncrease
S above with with W or E.
L.F. = 1.0

TABLE 3.1 - ACI-AISC SEISMIC DESIGN CRITERIA
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are included. Implicit in the design criteria is the fact that properly

designed structures will have considerable capacity for ductile behavior

during a real earthquake.

NRC Design Criteria- Stevenson et al. [51] have most recently summarized

the design philosophy generally followed for nuclear power plants. Some
key statements from that reference will be quoted herein.
To emphasize differences in performance criteria, he first states:

“...the consequences of risk associated with postulated accidents or
extreme environment effects require protection and evaluation of
events in a range of 1077 probability of occurrence per year during
the life of the (NPP) structure. This compares to conventional
structural design where probabilities of occurrences of phenomena
explicitly considered in design are not less than 10-2 probability
per year."

Further,

"Central to extreme load design philosophy... is the reduction of
structural safety factors as the probability of extreme load occur-
rence is also reduced. This in general requires that the actual
response of Structures to extreme loads must be predicted with a
higher degree of confidence than is typically the case with conven-
tional structures. As a result, quality control and quality assur-
anca requirements... are considerably more stringent than would be
the case for conventional structures.”

And, more specifically reaarding loads,
"Cooventignal structyres are usually designed for two levels of load
which include the normal or service loads expected during the 1ife
of the facility and severe environmental loads which typically in-
¢lude the 25 or 50 year mean maximum wind and a design Hasis earth-
quake as defined by the UBC.... Nuclear facilities in addition to
the two levels considered in conventional design are typically de-
signed for a third load level termed the extreme load which includes
such natural phenomena as the maximum earthquake potential for %he
site which considers the regional and local geology and seismology
and local foundation conditions. It also includes tornado wind and
associated airborne missiles as well as postulated design basis 3cgi-
dent loads consisting of high energy ruptures which result in pipe
break reactions and impingement loads, pipe whip and associated acci-
dent generated missiTes and pressurization of building components,
flooding and high thermal gradients.”
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Associated with the various load levels montioned above are different be-

havior requirements. Ffor NPP, Stevenson states:

"

[t has become common practice in compliance with Regulatory
Agency reguirements to use the same conventional structure service
load behavior limits for both the service and severe load conditions
. extreme load behavior stress limits are typically increased
approximateiy 2/3 above the service load WSD limits and for FLD (Fac-
tored Load Design) load factors are reduced to approximately 1.0..."
Neglecting consideration of extreme loads due to tornadoes (generally
tornadoes are treated in the same way as S5SE seismic loads), thermal gradi-
ents, accidents, hurricanes, swells and surges, tsunamis, missiles, etc.,
the following load combinations and acceptance criteria remain applicable.
Distinction is made between concrete and steel as desian materials and be-

tveen WSD and FLD design methods.

[) CONCRETE STRUCTUKES
A) Service load {or severe environmental) conditions

1) WSD
Load Combinations Acceptance Criteria
D+ L AC1 “"alternate method"” allowabnle
D+L +E stresses without a 33% increase
D+L+W
2) FLD
Load Combinations Acceptance Criteria
1.4D + 1.7L A~ .
184D + 1.70 + 1.9F Member strength *¢ > design load
1.4D + 1.70 + 1.7W effect
1.20 + 1.9E
1.20 + 1.7W
B) Extreme load conditions
1) FLD
Load Combinations Acceptance Criteria
D+L+E' Member strength *¢ > design load

effect.

In the above, E indicates OBE seismic levels, E' indicates SSE seismic

load levels, and W indicates approximately a "10C-year" wind.

It is to



112

be noted that, under load condition A) the ACI novmally includes a 0.7%
load factor or a 33% ailowable stress increase for load combinations
waich include W or E. The NPP criteria allow similar modifications only
if thermal loads or transient pipe reactions are included in the load
combinations. Also, for load condition B) onlv tie FLD method is recom-
mended, with load factors equal to 1.0.

11} STEEL STRUCTURES

A) Service load (or severe emvirommental) conditions

1) WSD
Load Combinations Acceptance Criteria
g : t ‘£ AISC allowable stresses
D+L +HW without 33% increase
2} FLD
Load Combinations Acceptance Criteria
1.70 + 1.7L Member pla.-.ic strength > design
1.70 + 1.7L + 1.
B) Extreme load conditions
1) WsD
Load Combinrations Acceptance Criteria
D+ +E' 1.6*AISC allowable stresses
2) FLD
Load Combinations Acceptance Criteria
D+L +E Member strength * 0.9 > design

load effect.
It is noted that for steel both WSD and FLD are acceptable design methods

under extreme load conditions.

3.5.2 Design.
Beyond the initial choice of a structural material and preliminary
static and dynamic analyses to estimate member sizes, member design con-

sists of an iterative sequence of the following steps:
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i) Eigenvalue solution to obtain Ti’ri’¢i

ii) Static and dynamic analyses
iii) Design for appropriate load effect combinations.

For simplicity, steel is chosen as the structural material. Uncertainty
in individual meiber strength is, then, generally a function of only one
variable, Fy [18,19] and WSD design methods may be applied for both serv-
ice/severe load conditions and extreme load conditions. Three load cordi-

tions are considered:

Load Combinatior Acceptance Criteria
1)D+L +F (or D+ 1L ¢ F/2) AISC allowable stressas
2) D+ L+ W
3)D+L +E AISC allowable stresses*1.§

Given Design Parameters

FRAME AS SHOWH IN FIGURE 3.5
FRAMES AT 20 ft 0. C. (columns braced in weak direction)

DL = 80 psf
LL = 10C psf for floors, 30 psf for roof (no live load reduction)
WIND = 20 psf
SEISMIC SSE Aax - 0.2g NBK response spectrum
ORE a =0.1g NBK response spectrum

DAMPING = 0.02M%

Design DL, tL, and W load effects

Table 3.2 contains (final iteration) desian load effects for the
column members as computed with a static frame analysis program.

Eigenvalue Problem Results

Shwn in Table 3.3 are the (final) periods, mode shapes and parti-

cipation factors as obtained by using APPLE PIE [53].
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o o o
E Mems Pou | PLe o Pwo Pose | sse Mo LMo M Mose | Msse
1 83.6| 86.1,8.2 | 61.0 | 121.8) 23.2 | 41.5| 24.6 | 180.6 | 371.2
.. 21624 60.0/4.2 | 38.2 | 76.5 31.1 | 54.5| 15.9/176.8 | 345.5
3412335 16 | 19.0 | 3.8 3111 53.2) 9.4 | 2761 |
_ 4,0 750 2 | 52| 104421 237 31 8.8 179.6
5 216.8223.8 0 0 0 0 | 46.3] 47.2 348.7 | 697.2
e huahal o 1o [ 0T o ET e s
7171} 5.7 89. Ol 0o 0 0, 0 | 6.5, 17.8[260.0 | 429.8
ngfuﬂmnﬁo 0 0 0«3}”73513{J%&5

TABLE 3.2 - DESIGN LOAD EFFECTS (K, K-Ft)

S —_
MODE MODL 2 | MODE 3 | MODE 4
T, 3166 1307 0819 0585
r, [3.470 | 1.385 | -.8186 | .5598
F [ g, .| .3886 | -.3180 | -.1248 | -.0189
L f g U G —
| | .2803 1894 .3708 A7
o %3 %% | 184 3708 | Aere |
0 [ 4, | 778 3053 [7-11748 f'-.3360
R L R A PSSR STV Y NN U —
N lW;mémo 1946 1o I2906 ] L3724

TABLE 3.3 - DYNAMIC MODEL PROPERTIES
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Dynamic Analysis Load Effects

The program APPLE PIE was further used to obtain member design load
effects utilizing the 2% damped NBK design spectrum normalized to (.23 as
seismic input. The entire set of spectra is shown in fiqure 3.6 Tha con-
servatism of this design procedure is discussed in subsequent :hapters,

[t is noted in Table 3.2 that the OBE load efferts are one-half those of
the SSE.

Final Design
Figure 3.7 indicates the final member sizes which satisfy the stated

acceptance criteria for all the load combinations consic~red.

3.6 PROBABILISTIC DESCRIPTION OF &y

To reiterate, for the example at hand, failure mechanism uncertainty
has been precluded as well as any other failure (shear, buckling, etc.)
mode. The stiffness K] ts assumed deterministic and the variable scrength
of the members is the only source which defines uncertainty in the yield
level.

The following steps are then used to arrive at a second moment descrip-
tion of Ay.

1} Assume nominal P/PY
2) Choose nominal membey Mo {AISC interaction formula)
3) Compute real mean values of plastic moment capacity

T aE
My 7 Fy
4) Using second moment formulation, arrive at R,

5) Assume correlations and compute oé.

6) Assume deterministic stiffness and compute corresponding E} and %2 |
Y
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In 1) and 2) above, P is assumed to be the axial load due to D + % L.

Table 3.* gives the corresponding P/Py. [t is seen that P/P, < 0.15 in
all ca.es; therefore, according to the AISC, the full plastic moment capac-

ity may be used for all the beam-column members.

3.6.1 Individual Member Plastic Moment Capacity

In connection with step three, given nominal section and steel
properties, three alternatives are available to estimate actual mean beam
plastic momert capacities. First, statistical information on the ratio
MP/M

b nom. if available, may be used directly. Second, since

Mo = 2% Fy (3.4)

observed statistics of the random variable FY may be assumed applicable
to MP if Z is considered deterministic. Third, a distribution (or second
moments) for M, may be derived from appropriate distributions {or second
moments) of both Z and F,.

It is apparent that direct statistical data on the ratio HP/MP.nom.
1s limited. Baker [19], in England, performed and reported some tests on
two British wide flange sections of mild steel (approximately a Wi2x31 and
a WiBx64). A summary of the results is given in Table 3.5. Alpsten
[ 18 reports similar data for Swedish steel shapes. Figure 3.9 [18] shows

the cumulative density function of the ratio Mp/M for sections of

P, nom.
three different flange thicknesses. It may be observed that the mean of
the ratio generally decreases as the size of the members (or the thickness

of the component plates) increases. This is mainly due to the observed
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Member P P/PY ri
] 100 078 | 226 |
2 77 065 | 196
3 50 056 | 145
a 22 039 87.1
5 273 8 | 408 |
6 | 202 04 | 338
7 1792 .092 243
[ 8 61 078 | 126

TABLE 3.4 - P/PY RATIOS FOR COLUMNS JF RIGID FRAME

Beam | Mill{ No. of M./ cov
camples PP ,nom.

A 13 1.21 .0488
A a 1.25 0420
W12 5 1.22 0138
c 4 1.16 0637
' 10 1.09 .0645
A 3 1.15 .0298

Wig g 2 1.04 —
c 3 1.03 .020

D 1 1.7a —

£ 1 1.18 —

TABLE 3.5 - F/Mp | STATISTICS FOR BRITISH W1Z

and W18 SECTIONS [19]
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fact that the mean yield stress of a steel decreases with sample sets of
increasing thicknesses [19].

In relation to the second alternative stated above, Alpsten {18] and
Baker [19] both conclude that variations in the cross-sectional proper-
ties of plates and sections from the nominal size are less important than
variations in yield strength in governing the strength of structural mem-
bers. Table 3.6, a summary version of data presented by Baker, indicates
typical statistics for the thickness of mild steel plates (British}. Data

was Tumped from four different mills,

toom. t cov,
.25 .254 .036
.50 .447 .018
.75 .744 013
1.00 1.000 .010
1.¢5 1.248 .010
1.50 1.496 .009
2.00 1.992 .007

TABLE 3.6 - SECOND MOMENTS OF THICKN:SSES OF
BRITISH STEEL PLATES [19]

Aiso, Table 3.7 summarizes statistics for the plastic section modulus
for two (British) W sections derived from a set which included samples
from three mills.

Beam |[Z _in3 No. of z cov
nom. z

Wiz 43.1 13 43.3 | ¢.013

Wi 136.2 10 135.0 | 0.02

TABLE 3.7 - SECOND MOMENTS OF THE PLASTIC MODULUS
OF BRITISH W12 and W18 SECTIONS [19]
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Making the assumption, then, that Z is deterministic, available statis-
tical data for FY may, in theory, be utilized to evaluate the variability
in MP. In reality several precautions must be observed before yield point
data may be interpreted, For one, Alpsten [18] notes that at least six
alternate definitions of the yield point exist and are in use. Also, both
Alpsten and Baker indicate that considerable variation can occur in the lev-
el of yield strength actually recorded because of the method of specimen
preparation, the rate of loading, and the dynamic behavior of the testing
machine,

Even assuming a common definition and testing procedure, the bulk of
the data, which is in the form of mill test results, must still be care-
fully categorized. Assuming constant the factors which cause systematic
variations in FY;i.e., nominal grade of steel or chemical composition, type
of section rolled, thickness of finished material, and characteristics of
the rolling and cooling processes, the yield strength remains a random vari-
ablie which varies from mi1ll to mi11, within a cast or an ingot, along the
length of the member, and within the member cross-section. Baker systematic-
ally identifies the relative importance of these sources of uncertainty [19].

0f primary interest is the fact that mill tests may or may not be
highly correlated with member flexural strength depending on the location
from which the specimen is taken. Table 3.8, a summary version of a table
given by Baker, indicates various mean mill test yield values: Eyc denotes
the mean of the "mill certificate yield strengths,” E}SF denotes the mean
of the mill yield strengths using flange specimens and tested by the author,
&;SH denotes the mean of the mill yield strengths obtained using web speci-

mens and tested by the author.



Beam ! Mill No. of | g 3, oy a
Sorpoas | O¥enom. | 9 4 YSE | Oysu
Wiz | AL 10 207 M| 320. |263.4 | 2806
H . o m B L *—{
R ]
WIS | AN 9 247 3| 913.4 2405 | 2776 |
| Y R -

N[

TAELE 3.8 - VARiBGg MEAN YIEL[ STRENGTHS FOR BRITISH”N1
AND W18 SECTIONS [19]

It is to be noted that the "certificate mill strengtn": i.e., that
supplied by the mill as proof of compliance with specifications, is sig-
nificantly higher than the other values. This is generally true because
a web sample is specified by British (as well as ASTM) standards and usu-
ally the upper yield strength [15] is recorded by a manufazturer. Table
3.9, also presented by Baker, shows that, in fact, the average mill cer-
tificate strength is poorly correlated with actual member flexural
strength. The highest correlation is between the laboratory measured

mean flange yield strength, Oygp o and observed plastic capacity Mpe: E}SF

is, in turn, from Table 3.8, very close to the specified minimum value.

PC e 9YSF Y SW

Moc 1.0 .348 | 916 | .769

oy 1.0 .364 | .485
Tovse | e || 1o | e
vl T 1.0

TABLE 3.9 - CORRELATIONS BETWEEN VARIOUS REPORTED YIELD
STRENGTHS AND SECTION PLASTIC CAPACITY {19]
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In view of the biases apparent in mill strength results, the few

actual test results which measured M,/M are herein considered to

P
form the most reliable basis for making an assumption regarding M

P.nom.

P,act.
Specifically, the fallowing assumpticns are made

"p.act. . 4 os
M .
P,nom. (3.5)

cov = 0.08

The implication is that the nominal FY is approximately one standard
deviation below the actual average ?y of a member. To obtain actual
average member plastic capacities, then, the values of the plastic sec-
tion modulus listed in column three of Table 3.4 are multiplied by

1.08 (36) = 39 ksi.

3.6.2 Second Moment Formulation

In essence the second moments of the strength of the ductile,
parallel system shown in Figure 3.8 are to be estimated. The appropriate

equations are:

. n
R=c 1 N .
hoi2q P
n nn
2] 1 ot ] DY
2 = g + a g 05
he vy i
RN M M M My
where Oij = correlation coefficient between the i and j cross section
capacities
n = number of sections attaining their full capacities at sys-

tem failure.
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The assumptions are made that cross-sections at the ends of a member arc
perfectly correlated {i.e., o = 1) and that separate members are unccr-
related. The above assumptions are consistent with the trends found by
Baker [19]). He concluded that the varijation in yield strength in the
direction of rolling is small in comparison with variation across the
section for any particular bar rolled from a single ingot. Separate mem-
bers, implying different sizes or plate thicknesses, different "heats"

of steel and cooling rates are essentially random selections from a popu-
lation. (Of course, in a concrete building the strength of adjacent col-
umns , which are Jikely poured from the same batch of concrete, may be
highly correlated). For the specific example being considered, the above

equations reduce to:

Fy
= (82, + 22,)

T-=
q L GLY
COVR = COVFY. '—2 Tﬁ-e—fz-]—‘— (3.7)

where the subscript 1 indicates ext=arior column properties and 2 indi-
cates interior column properties. Tabie 3.10 lists the computed values
for the four floors. Also shown in Table 3.10 is the ratip of the R
value to the interstory shear, V, from the SSE dynamic analysis. The in-
crease in the ratio from the top story to the bottom is indicative of the

greater influence of gravity loads in determining column sizes.



Floor | R - X covp V-K RV

4 | 217. | .0405] 139 | 1.56
3 [ 38. | .07 231 | 1.67
2 | s 040 297 | 1.81

1| e ” 'AO",‘EL 323 | 1.93

TABLE 3.10 - RATIOS OF MEAN STORY {ATERAL STRENGTHS TO
COMPUTED SEISMIC INVERSTORY SHEARS

3.6.2 Deterministic Stiffness

An assumption must now be introduced regarding the deterministic
stiffness in order to arrive at second moments of Ay from the data of
Table 3.5. It is useful to note that, for this model, the column axial
stiffness= significantly affect the lateral stiffness of the frame.
Figure 3.10 shows two lateral stiffness matrices: a) is obtained using
actual column areas, b) is obtained using arbitrarily large column areas.
b) is essentially the expected lateral stiffness matrix which represents
true shear beam behavior and which is predicted by Equation 3.1 as

:Kg,A and ZKg,B approach «.

30.42 -13.93 0.1¢ 0.00 34,98 -15.93 0.01 0.00

23.78 -10.03 0.06 27.32 -11.41 0.01

15.43  5.57 17.62 -6.22

SYM, 5.41 SYM. 6.22
a) b)

FIGURE 2.10 - LATERAL STIFFNESS MATRICES. K/FT * 10‘3
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By using actual column areas, tnen, the lateral stiffnesses are approxi-
mately 85% of those predicted by shear beam behavior. The other dynamic
properties, i.e., participation factors, and mode shapes are essentially
the same for the two models, although the fundamental period decreased
from 0.317 sec. to 0.291 sec. as the column areas were made arbi*trarily
large.

For the example herein, the lateral stiffnesses given by Figure
3.10b were used to compute correspanding average yield levels E}; the
results are given in Table 3.11. Although Table 3.10 shows slight differ-
ences in COV's of resistances of the floors, a common COV = 0.04 is assumed

for all the floor yield levels.

Floor | R-Kips |K- K/FT * 107 Ry - FT
‘r_
L4 2 6.22 0.0348
.3 386 11.4 0.0338
| 2 527 15.9 0.0330
L1 620 19.0 0.0326

TABLE 3.11 - COMPUTED MEAN VALUES OF STORY
STRENGTH MEASURE by

3.6.4 Distribution Assumption

The additional assumption of a normal probability distribution
for Ly is finally made. The appropriateness of this assumption may be
supported by observed statistical distributions of steel yield strength,.

Baker,having defined a single population as:
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“"A11 the plates or sections ¢f a single nominal size and grade of
steel rolled by a single mill during a period of time when the pro-
duction process is statistically in control."
concludes that sets of yield strengths are effectively normally distribuy-
ted [19]. He does further state, however, that lumping yield strength
data from a set of mills tends to result in distributions which are signif-
icantly positively skewed. Even for such data, Baker concludes that, at
Tow strengths, the cumulative frequency of the sample data follows the

normal distributions more closely than the lognormal. Of course it is

the Tow strengths that are more significant in controlling reliability.

3.6.5 Discussion
The main limitation of the example given herein is that it does

not quantify uncertainty in AY due to an unknown failure mechanism and
stiffness. It appears that mechanism uncertainty must first be studied
empirically: i.e., structures must be designed and an appropriate program
(FRIEDA [12]) used to observe and quantify uncertainty in "yield levels."
Only then may probability of failure estimates be made reliably for gen-
eral plane frames,

It is likely that concrete frames exhibit more nonlinear behavior
and have more uncertainty in both stiffness and strength than do steel
frames. Hence guantifying a single yield level for concrete is much more

difficult.
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3.7 SUMMARY

This Chapter examined the type of uncertainties involved in defining
a strength measure to be used in conjunction with a shear beam model. A
structure was designed and second moments of the yield interstory displace-
ments were calculated, A normal strength distribution was assumed. With
the capability to obtain load effect distributions as developed in Chapter
2, the data developed herein casts the prediction of failure probabilities
into a standard fcrm: i.e., a numerical solution of Equation (3.8) may be

performed.

Pe= 1 - J‘:fR(r)FL(r) dr (3.8)

where FL(r) Cumulative density function of a load effect.

fR(r) Probability density function of the resistance

measure.
The following Chapter presents resulils of such calculations as well
as a procedure for the use of seismic risk information to arrive at an

overall assessment of safety.
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“HAPTER 4
ESTIMATION OF FAILURE PROBABILITIES

4.1 INTRODUCTION

Utilizing the work described in the previous chapters, reliability
estimates are derived herein for the structure designed in detail in
Chapter 3 and the shear beam models introduced in Chapter 2, Story relia-

bilities, conditional on occurrence of an intensity a , are first evalu-

ma x
ated. Seismic risk analyses are then briefly reviewed and overall story
reliabilities are estimated. Comparisons and evaluations of the results
in view of estimates developed by other investigators are then made.
Finally, the assumptions required for an assessment of system reliability

are briefly explored.

4.2 CONDITIONAL STORY RELIABILITY

4.2.1 Structure Designed in Chapter 3, T7 = 0.217 sec.

Chapter 2 derived moments of the distributions of AY (Tables 3.10,3.11)

a limiting distortion which defined the story strengths of the four-story
structure. The assumption was then made that AY was nomally distributed.
A distribution of load effects for that structure, conditional on a peak
intensity, must then be computed (using the method described in Chapter
2) to arrive at reliability estimates,

The results of the eigenvalue problem, Table 3.3 , define the struc-
ture. The parameters wg » S', ¢ and TO/Tc are assumed to be lognormally

distributed with parameters given by Table 2.8, repeated here.
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m 1)
: 02 |.75
T, 85 |.33
-';g 12 1/sec.| .50
s B secs.|.75

TABLE 2.8 - MOMENTS OF LOGNORMAL DISTRIBUTIONS OF
PARAMETERS 7, To/Tes g S!

The justifications for such parameters are given in Chapter 2. It is
important to note again that the wg and S' moments were derived from the
39 earthquakes listed in Table 2.2 . Attempts to further categerize a
site by using statistics derived from a chosen subset of all the earth-
quakes were not made. As an example, Figure 4,1 shows the resultant
conditional {on a = Aps . - D.2g) distribution of the first floor inter-
story distortion.

As noted in Chapter 3, the problem of calculating conditional fail-
ure probabilities has been cast in a standard form. Therefore, assuming
independence of load effects and capacities, Equation 3.8 ) can be evalu-
ated numerically for several conditional load effect distributions.

Figure 4.2 shows resultant probabilities of exceeding yield levels Ay
in a story, conditional upon a seismic occurrence of intensity a/ades.

The sernsitivity of these curves to the actual design spectrum used will

be partially guantified in Chapter 5.

4.2.2 Models Defined in Chapter 2

Deterministic interstory distorticns were computed for the T1 =

0.377 sec. and T] = 1.13 secs. models defined in Table 2.5, using the
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same seismic design procedure (NBK, ﬁes = .02, 3 = 0.2g) as in

des.
Chapter 3. Table 4.1 shows the computed results.

Story T] = 0.377 T1 =1.13

DD DD
1 .51 2.17
2 .45 1.92
3 33 1.4c
4 .18 .76

TABLE 4.1 - DESIGN INTERSTORY DISTORTIONS (in)
NBK 2% SFECTRUM A4es. ~ 0.2¢9

In lieu of a complete design, then, the strength measure, AV’ is

assumed to be normally distributed with moments

By ¢ = 1.5 * (Design Interstory Distortion) = k * DD

VAY V. =0.10 (4.1]

Usinay the conditional load effect distributions derived in Chapter 2,
conditional probabilities of failure were computed; figure 4.3 shows the
results. It is to be noted that for the same design spectrum the condi-
tional failure probabilities are greater for the longer period structure.
This may be attributed to the larger dispersion in the load effect dis-
tributions of the T = 1.13 sec. structure; a consequence of normalizing

1oad effect distributicns to peak ground acceleration,

Sensitivity of Conditional Failure Probabilities

It is pertinent to check the sensitivity of the resultant conditional

probabilities to the assumptions made regarding VC. k and Cdes.
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Figures 4.4 and 4.5 indicate the resultant effects on first-story
conditional failure probabilities as Vc is varied, keeping Zdes and k
constant. It may be noted that the effects are similar for both struc-
tures. Increasing Vc affects conditional failure probabilities
(P[Fla/ades.]) due to small a/a,, ratios the most. This is understand-

ahle since P[Fla/ades 1 for 1ow u/a ratios are most dependent on the

des
probability of having very low strengths which increases as VC increases.
As Vc grows large (i.e., Vc % 0.4) the strength distribution becomes very
broad, hence even for small a/ades ratios significant conditional fail-
ure contributions arise, which, when combined with the higher probability
of achieving such Tow intensities, may even become the dominant contribu-
tions to the overall story failure probability. Veneziano [65] similarly
noted that for models having large statistical uncertainty in the resist-
ance parameter, overall risk contributions may even increase with decreas-
ing intensity and that such cases are characterized by "the presence of an
intensity range below the mean resistance which contributes rather uniformly
to the seismic risk."” -In any case, it is likely that, given survival of
a system under normal Toads, a truncated strength distribution is more
appropriate. In lieu of using such a truncation, a lognormal strength
probability distribution was assumed for Vc = 0.4, resulting in condi-
tional failure probabilities which are believed to be more representative
for such broad strength distributions.

Figures 4.6 and 4.7 also show the effects on the first floor condi-
tional failure probabilities as k is varied, keeping vc = 0,10 and Lde =

s.
0.02. It is observed that, unlike the intensity dependent effects of
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Vc variation, the curves are essentially shifted with different k assump-
tions, Hence uncertainty in the mean strength is of greater importance
in computing conditional faijure probabilities at high (design) intensi-
ties.

Lastly, design interstory distortions were computed with the NBK

spectrum (ades = 0.2g) using alternate assumptions for L .. . The re-

sults are shown in Table 4.2

T] = 0,377 sec. T] = 1.13 sec.
Floor gdes_=.005 Cdes.='02 ;des.='°5 Cdes_=.005 gdes.=0'02 Cdes.='05
1 .75 .5 .39 2.53 2.17 1.47
_2 .66 .45 .34 2.23 1.92 1.30
3 .4 .33 .25 1.65 1.42 .96
4 .26 .18 14 .89 0.76 .52

TABLE 4.2 - INTERSTORY DISTORTIONS (in.) COMPUTED
USING ALTERNATE NBK SPECTRA

(ages = 0-29)

It is to be noted that the mean of ; and its distribution for pur-
poses of arriving at load effect distributions remained the same (i.e.,
7 = 0.02) Hence the effect of alternate ¢, assumptions is a shift in
the strength distribution; i.e., alternate k values are implied. Fig-
ures 4.8 and 4.9 indicate variability in P[Fla/ades'] for the two struc-
tures designed using alternate cégs. with k = 1.5 and Vc = 0.1 constant.
For the T, = 1.13 sec. madel, the PLFIa/ades.} curve for ¢y, = 0.005
is essentially the same as the case Cdes. = 0.02, k = 1.75, VC = 0,10 in
Figure 4.7 . This is true since, in effect, the mean resistance is essen-

tially equal for the two (i.e., m = 2.53 (1.50) = 2.7 (1.79)).
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4.3 SEISMIC RISK

The intent harein is simply to use available seismic risk informa-
tion derived from established methodologies to arrive at overall estim-
ates of reliability. It is important, however, to review the major assump-
tions made and the inherent uncertainty in a seismic risk estimate.

The final result of a seismic risk analysis is a statement regarding
the probability of occurrence of a site intensity measure in time. Most
commonly the site intensity measures are peak ground acceleration or MMI
when the seismic history includes only a few, if any, instrumental magni-
tude or site acceleration recordings., Other site intensity measures,
i.e., Vmax® dmax.’ SV’ S | f(w)| may also be used to quantify the
seismic risk.

The mathematical methods to arrive at risk statements, as developed
by Cornell [24], involve assumptions of models concerning:

1) The rate of occurrences of earthquakes of varying magnitude

2) The relation between magnitude, peak ground intensity and the
distance R from the site to the epicenter.

It is known that uncertainty in the assumed models and/or their
parameters, called statistical or "inductive" uncertainty, exists. Seic-
mic risk analyses may or may not include it in arriving at a final state-
ment cf intensity vs. probability [ 6,65]. Veneziano [65] has recerntly
quantified the effects of statistical uncertainty through perzlty factcrs
on "probabilistic® failure rates; i.e., those obtained without consider-
ing statistical uncertainties. His estimates of failure probabilities

will be further discussed in Section 4.4.3.
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Figures 4.10 and 4.11 illustrate two seismic risk curves, Figure
4.10 was derived by Donovan [{7], using methods developed by Cornell, for
the San bFrancisco Bay area. Fiqure 4,17 was derived by Cornell and Merz
for a Boston Site. Roughly, if intensity at a certain probabiliily is
lognormally distributed, the "most likely" risk curve may correspond to
the mode of the distribution and the "Bayesian" rick curve may correspond
to the mean of the distribution. It must be noted that such risk informa-
tion is meant to apply to firm ground or rock c<ites only, and must be
modified for soft ground sites.

Since the Cornell-Merz curve is used herein to arrive at "overall"
failure probability assessments, assumptions made in its development are
briefly stated. First, since there is no history of recorded strong
motion near Boston, the analysis was made in terms of Modified Mercalli
Intensity (MMI). Statistical uncertainty in the models and otker assump-
tions was included; Figure 4.12 shows the reported range as a result of
difterent assumptions regarding the attenuation laws, upper bounds on
intensities, and geometric configuration of earthquake source areas.
These different assumptions were subsequently combined in a Bayesian
fashion by assigning the various alternatives rzlative weights reflect-
ing the subjective degree of belief in each exclusive alternative. Curve
BWE is the resultant Bayesian Weighted Estimate seismic risk curve. To
arrive at rigure 4.11, i.e., site seismic risk in terms of peak group
acceleration, nominal values of peak ground acceleration were assigned

to various intensity levels and assigned a weight of 0.50. [t was further

assumed that, given a particular predicted intensity, an " acceleration
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value one level below (about on2 half} or one level above (ahout twice)
the nominal value might be experienced." These upper and lower vaiues

were each assigned probabilities of 0.25.

1.4 OVERALL STORY RELIABILITY

The conditional story reliability results as derived in Section 4.2
may then be combired with the seismic data given by Figures 4.10 and

4.11 by the approximate numerical expression:

PF AHZao PLFla,) (Pla 2 3, - nal - Pla 2 a; + aa]) {4.2)

to obtain mean annual floor probability of failure estimates. Specific-
ally such computations were performed on the three structures considered

in Section 4.2 using the Cornell-Merz "most 1ikely" risk curve.

4.4.1 Examples
Structure Designed in Chapter 3, T1 = 0.317 sec.

Figure 4.13 shows contributions to the overall probability of
failure for each floor, i.e., contributions to the summation in Equation
(4.2), arising from various a/ades. ratios. It can be seen that signifi-
cant contrihutions arise from the entire range of likely intensities,
with maximum contributions from acceleration iutensities = I.Zades..
Individual contributions are very sencitive to seismic risk ordinates
and deviations from the smooth curve are due to errors in reading of the

seismic risk curve. Table 4.3 contains the sum of all contributions or



Contributions to Overall Probabilities of Exceeding Story Strength Measure

-6
10
L] ’\\
,‘,qr"t’ % 3

o ¥

7 b

4

! ’;ZJ
2 9 3
107 //’&(
)?{J! $ i,
\
d{/ 1717
[ ¢ //
| d /7
1078
T] = 0.317 sec.
Lj * tdes.” 002
34es = 0.29
-3 | i

10 .4 .6 .8 1.0 1.2 1.4 1.6

aja
des.
FIGURE 4.13 - CONTRIBUTIONS TO OVERALL PROBABILITIES OF EXCEED-

ING STORY STRENGTH MEASURES - CORMELL-MERZ SEISMIC RISK CURVE



151

the overall probabilities of exceeding the yield level interstory dis-

tortions.
Story p[a > AY]
1 1.40
2 1.76
3 2.48
4 3.29

TABLE 4.3 - OVERALL PROBABILITIES OF EXCEEDING
FLOOR YIELD LEVELS * 10°

Comparison of such estimates with those of other investigators is
made in Section 4.4.3. Sensitivity of such results with k, Vs and the

seismic risk assumptions is gquantified for the subsequent models only.

Models Defined in Chapter 2 by Table 2.5

Analogous failure probabilities for the T1 = 0.377 sec. and T] =
1.13 sec. models are given in Table 4.4. To reiterate, the design assump-

tions were: Cdes. - 0.02, NBK design spectrum with ay = 0.29, k = 1.50,

es.
vc = 0,10 and nomally distributed strength (unless indicated).

Story T, = 0.377 T, =1.13

1 1.55 2.59

2 1.4 2.4

3 .73 | 3.03 |
4 2.12 a.47

TABLE 4.4 - OVERALL PROBABILITIES OF EXCEEDING
FLOOR YIELD LEVELS * 'IOG
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4.4.2 Sensitivity

The parameters k, Vc’ gdes. and the seismic risk curve may be var-
ied about their best estimates to vbserve the sensitivity of the probabil-
ity of failure estimates. Tables 4.5 through 4.7 indicate the results of
such studies for the T, = 0.377 sec. and T- 1.13 sec. models. Tables 4.5b
and 4.6b show that failure probabilities remain essentially constant fer
0.05 < V. < 0.2, For the T1 = (0.377 sec. model, an order of magnitude
change in failure probabilities results as T des. is varied from 0.005 to
0.05 (remembering that to obtain load effect distributions 7 = 0.02).

Table 4.7 indicates variation in overall failure probabilities as
the seismic risk curve is shifted from the "most Tikely" position. Roughly,
at the probability ordimate corresponding to a = o5 = 0.02g on the "most
likely" risk curve, the Bayesian curve predicts a = 0.3g (see Fiqure 4.11).
Therefore as an indication of possible risk variations, the entire curve
was shifted to predict intensity levels 50% above and below those of the
most likely curve. It may be seen that resultant probabilities vary by
factors ranging from 50 to 100 for the seismic risk range considered. For
the T] = 1.13 sec. structure, however, variation in Lges . from 0 to
0.05 causes as great effects on overall reliabilities as a shift from

"most likely" seismic intensities to values 50% greater.

4.4.3 Significance of failure Estimates

Failure has been defined herein as exceeding a story level limit-
elastic response in a structure designed by NRC-1ike seismic design
criteria. Clearly then, given the different seismic design and failure

criteria inherent in the UBC and similar codes, the failure estimates
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Story Vc = 0.05 Vc = 0.10 VC = 0.20 V: = 0.40
T 1.5 16 | 2.0 | 3.8
Fa 1.3 1.4 1.8 3.5
3 1.6 R 2.2 | a1
4 2.0 2.1 2.7 4.9
a) Cdes .~ 0.02, k=1.8, Vc Variable, CSR
*  Lognormally distributed strength
- - S
Story k =1.2% k=1.50 k =1.75 4} k = 2.00
vl 29 ] 16 | ss 49
2 2.7 1.4 77 .43
3| 32 LTS RS L R L S
L4 1 3.8 Ld ] e | .70
b) Ddes. = 0.02, k variable, V. = 6,10, CSR
Story| 4= 9-005 | (.. 0.02] z4,, = 0.05
1 .31 16 | 39 ]
2 .28 1.4 3.6
3 .36 1.7 4.3
4 .46 2.1 5.1

c) Zdes . variable, k

1.5,

Vc = 0.10, CSR

Table 4.5 - T] = 0.377 FAILURE PROBABILITIES * 105 NBK
Design Spectrum  a,.. = 0.2g
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R |

-
Story Vo = 0.05 Ve © 0.10 Vc = 0,20 Ve © 0.40
1 2.5 2.6 3.3 6.0
2 2.1 2.2 2.8 5.3
3 2.9 3.0 . .
38 69
) 4.3 4.5 5 3.5
a) Cges. = 0.02, Kk =1.5, V. variable, CSR
* Lognormally Distributed Strength
Storyl k =1.25 k =1.50 k =1.25 k = 2.00
1 4.7 2.6 1.5 .89
2 4.1 2.2 1.3 .76
3 5.4 3.0 1.8 1.07
| 4 7.8 4.3 2.7 1.65
b) Cdes . = 0.02, kvariable. Vc = 0.10, CSR
-
[ Story Ldes 0.005 Ldes. - 0,02 Ldes. = 0,05
1 1.5 ] 26 8.6
2 13 | 22 2.6
2 1.8 3.0 9.8
.4 | a7 4.5 13.3

TABLE 4.6 - T, = 1.13 FAILURE PROBABILITIES * 10
845, = 0.29, NBK Design Spectrum

c) ﬁ,es:\rariable, k =1.5,

VC = 0.10, CSR

6
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Story | .5 *CSR | .8 * CSR | 1.0 * CSR | 1.2 * CSR | 1.5 * CSR
B .06 .64 1.6 | 2.9 5.9
Pl .05 .57 1.4 2.7 5.5

3 | .07 72 1.7 3.0 6.5
& | .09 | .90 21 3.8 7.7
a) Ty = 0.377
Story] .5 * CSR | .8 % CSR| 1.0 * CSR| 1.2 * CSR| 1.5 * CSR
j
1 3 1. 2.6 4.7 9.5
2 KR 97 2.2 a1 8.4
3 16 1.36 3.0 5.5 10.9 |
4 27 2.07 4.5 7.8 15.0
b) T, = 1.13

TABLE 4.7 - OVERALL FAILURE PROBABILITIES * 'IO6 WITH ALVERNATIVE
SEISMIC RISK ASSUMPTIONS

tdes

= 0,92, NBK Design Spectrum, a

k - 1.5,

VC = 0.10

des.

= 0).2g
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obtained herein are not meaningful for conventional buildings. Further,
for nuclear power plants where failure is generally defined to be the
occurrence of an initiating acciaent or of an accident sequence or of
core me1t ¢~ of a “arge release of radicactivity [47], the overstress
event defined herein does not necessarily imply a system failure. An
analytical formulation to assess systew failure is indeed complicated
because of "the complexity of NPP systems, the sequentiality of accident
events leading to failure, the built-in redundancy and :~: differunt
leels of resistance of various subsystems and components [65]." None-
theless, the implication of elastic design criteria is that nuclear sys-
tems or subsystems performance when the structure is performing in the
inelastic range s uncertain. Therefare inelastic structural behavior
may lead to (or be correlated with) the occurrence of an event which
initiates system fajlure. As Veneziano has remarked for his failure
estimates, then, the probabilities derived herein are related to the mean
annual rate of accident initiation in a specific mode.
Comparison of the methodology and estimates of Newmark [46] and

Veneziano [65] with those described herein follaws.

Failure Estimates of Newmark

To quantify the seismic safety of nuclear power plants, Newmark
[ 44] uses the following approach. The assumption is first made that
probability distributions (conditional on design earthquake occurrence)

are lognormal for buth the “"resistance," R, and the "earthquake hazard,"

H. He then defines
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Fs. - Design Hazard _ Design Hazard
H ~ Median Hazard ¥
H

FS . = Median Fesistance _ mR

R  Design Resistance Design Resistance

and ‘rom Figure 4.14, then HR/ﬁh = FS, * FSp. 1f both R and H are log-
normally distributed, the conditional failure (defined by Newmark [44] as
"exceeding the design 1imit") probability is given by (see Chapter 5 or

Reference [3]) the anmalytical expression:

(i, /i)
peo DWRL (4.3)
OE +02

y.nR SLHH

or

P

1
L Q"(fiﬁf‘_F§E)
f N (4.4)
9%n, tof
R Y

where b is the COF of the standaraized normal variate U. FSR, FS

2
K* %AnR?
2

O M {Newmark assigns the symbols Bp = BetaR = 0,0 and By = Beta

&n H = Ognn)
must then be estimated to arrive at reliability values. Newmark computes
9o nR and O g nH? in turn, from the SRSS of the standard deviations of the
natural logarithms of the components of R and H which are also assumed

to be lognormally distributed. FSH and FSR are estimated to be the pro-
ducts of the individual factors of safety associated with the components

of R and H. Table 4.8, taken from Reference [44] lists such components

and indicates estimated values for FSH, FSR, g for ordinary civil

2 2

(o]
iy T g
structures.
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Hazard Component Betay FS
Magnituee | .3 1
Distance 3 1
EUUREE S SR
S}}grAcceleratlgn o .7 1 1.35 |
 Site Modification ,,,__,f3 r 1.0
Hazard Total 0.87 | 1.35
Resistance Component Petay -l FS
501! Sggygjure Inté;;ct1 ﬁﬁvijii \Tiiéﬁi_ﬁ
 Response Spectrum .§7 TN
Damping, Ductility, etc 7___i§”_mT 5
o
Resistance Total 52 1 5

TABLE 4.8 - NEWMARK'S ESTIMATE OF PARAMETERS FOR COM-
PUTING CONDITIONAL FAILURE PROBABILITIES [44]

With such estimates, then,

0 (pe )
f a
l des J—o 87)2 + (U 32)

= ¢ {-1.89) = 0.03
es.

o

P
flad

The above is a conditional probability of failure given the occurrence

of the design earthquake. For nuclear power plants Newmark uses

g +gz, . , .
J ZnR ink = 1.01, and he estimates [46] FSR*FSH = 20, implying a con-

ditional probability of failure

P = Q—W‘Z" - #(-3.00) = 0.0015
flades. ® - (-3.00) .

The assumption is then made that the total yearly failure probability is
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pP. =P Pla 1 (4.5)
F Flades.* des.

Such an assumption is clearly unconservative since it does not consider
contributions to failure probabilities from intensities above and below
the design earthquake. This has been recognized by Vanmarcke aid
Veneziano [65) and others, and is evident from Figure 4.13. In any
case, Newmark estimates that yearly protabilities of occurrence of a

4 and 10'5

nuclear power plant design earthquake are of the order of 10°
and hence concludes that “"tne net probability of failure per year under
seismic conditions will be ... of the order of 1 part in ]08 ar less for
nuclear power plants."

Setting aside considerations of the unconservatism of Equation (4.5)

and the P[a ] estimate, the assumptions of FSR and FSH are crucial to

des.
the Newmark methodology. Detailed documentation of such assumptions is

not presently available.

Failure Estimates by Veneziano

Veneziano has recently estimated mean annual failure probabilities
for a NPP sighted in Massachusetts. His methodology and results are as
follows. The measure of intensity used to characterize both seismic
risk and resistance was Modified Mercalli Intensity. Under the assump-

tion that the actual risk function decays exponentially and that the

actual resistance distribution is normal, he postulated two models: a

probabilistic or "deductive” model with deterministic parameters, and a
statistical or "inductive” model which explicitly considered uncertainty
in the key seismic risk and resistance parameters. The probabilistic

model formally is developed as follows. 1If
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B4
e for i < 1,
i) «
0 for i > i]
where i = MMI at site
A(i) = Mean rate of events exceeding site intensity i
By = Decay parameter
and

R~ N (ugs of)
N = (R e uR)/OR - N(Oa]) (4.6)

then *(rn)' the mean rate of events exceeding a normalized resistance

value r_, is [g5]:

n =B.0nr -g.r

_ , PR'n N'n (8.7)
Aro) = e =%, e

where Ao is the mean rate of seismic events with site intensity > Mg

Also the mean failure rate Ae is given by [65]:

S/ (4.8)

Af B Ao

The statistical model considers uncertainty in the parameters Aps
By? “R’ and g For each combination of known/unknown parameters, the
inductive (Bayesian) mean failure rate is calculated; the effect of
statistical uncertainty is also quantified through a multiplicative
penalty factor on the deductive result using best parameter estimates
[65). The statistical model, then, requires estimates of the following
parameters:

ﬁR = estimate of the mean value of resistance Hp

1)

SR estimate of standard deviation of resistance GR



162
iN = (io- “R)IGR = estimate of lower truncation point of the
0 normalized resistance measure
iy, = estimate of maximum possible reduced site intensity

Hepy = Mean of Zni (the natural logarithm of the mean rate
o of occurrenfes of site intensities larger than ﬁR)

GznA = standard deviation of Enko

uer = mean of &, {decay parameter in equation (4.8)
og 7 standard deviation of BN
£ = correlation coefficient between BN and Rnko

»+ = a "confidence parameter” on the estimates ﬁi and Sp.
(For u, and g, known, the normalized resistance
R R 1/2 R-D
R || R
R' = (n—q') (—S_R )
has a predictive t-distribution with v = n-1 degrees
of freedom. n is generally associated with the num-
ber of observations in a statistical sample ¢f a ran-
dom variable which is used to estimate moments of a
distribution. The smaller n (or v = n-1) is, the more
uncertainty in the 1y and o estimates ﬁk and Sg.)

To arrive at a reliability estimate for a Massachusetts site,

Veneziano assumed the following values of the abpve parameters:

=95 Sy = 0.75 v = 10(5) iNo= -5
-5 -8
Exp(“mOF -45x10 °(.292x10 7)) O,y 5 1349) o = 0.75(.51)
[¢]
i, = -1(8) b, = 1.4 g, = 0.2 {.3)
N BN By

The resultant mean annual failure rate is 1.23x10'5, If a pessimistic

set of the parameters (given in parentheses) is used, ‘he corresponding

failure rate is 5.92 x10'5. It is important to note that ﬁh was estima-

ted as follows. For Massachusetts MMISSE = 8 was postulated, then,
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accepting the WASH 1400 conclusion that the probability of failure of a
reactor system or component subjected to the SSE is in the range 10'] -
10'2, a corresponding GR was chosen., Similar values for pFISSE were esti-
mated herein (see Figure 4.3), but Newmark has suggested failure probabil-
ities for nuc‘éar reactor equipment under the design earthquake, of the
order of 17,72 ] 1074 or smaller. Also, since Sp statistics are available
only far ordinary buildings, Veneziano used SR estimates inferred from
Newmark [ 46].

It is to be noted that Veneziano believes that his faiiure estimates,

“refer to the mean annual rate of accident initiation in a specific mode,”

and are not assessments of the overall system reliability.

SUMMARY

The two approaches summarized and the one developed herein are basic-
ally heuristic in the sense that each primarily illustrates the uncertain-
ties involved ir a methodology for systematically arriving at reliability
estimates. An argument will not be made regarding the relative merit of
sach overall reliability estimate, although a significant difference exists
in esi¢imates of the failure probabilities conditional on the design earth-
quakes. Newmark generally states values which are two or more orders of
magnitude smaller than those stated by WASH 1400 [47], Veneziano [65] and
herein.

It is important rather to summarize the Iimitat;uns of each of the
methndologies. MNewmark's failure estimates are c]earTj very dependent on

the "total factor of safety” or on the ratio mR/mH. Quantitative analyses
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to substantiate the individual contributions to this overall factor of
safety have not, to the present, been published. Assessment of the total
failure probability with Equation (4.5) is unconservative. Effects of un-
certainty in structural modeling have not been guantified.

Veneziano does not explicitly consider individual sources of uncer-
tainty within either risk or resistance and, as such, indicates no direc-
tion for minimizing uncertainty cor risk. The parameter estimate ﬁR im-
plicitly acknowledges the validity of the WASH 1400 estimate of the proba-
bility of system failure given the design earthquake.

The method developed herein treats only elastic systems. Uncertainty
in the strength measure has not beer totally quantified even for a plane
frame. Local site modification and sofl-structure interaction effects have
not been considered, although variation of the frequency content may in-
directly account for such effects. The methodologv bacomes increasingly
expensive as the number of degrees of freedom (or the number of load effect
distributions to be computed) increases. Additional conservatism due to
the treatment of the NBK spectra as comporent spectra has not been con-
sidered. Statistical uncertainty may only be quantified by simulation,

j.e., by performing repeated analyses for alternate parameter values.

4.5 SYSTEM RELIABILITY

Within the context of the three idealized 4-DOF systems considered
herein, the follo/ing guestion may be asked: "What is the probebility

that yielding will not occur in any of the stories?” Choosing to define

the mode) as a series or weakest link system in which failure of any one
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of (only} four modes (yielding of a story) is considered a system failure,
bounds on the "system reliability" may be established [1g]. Such bounds

are given by Equation {4.9):

M M
MAX Py ZPoystem S iET % (4.9)
Failure
where M = Number of failure modes (')

P

j = Marginal probability of failure of story (or mode) i.

The lower bound of the inequality is based on the assumption of per-
fect stochastic dependence among failure modes, whereas the upper bound
implies complete independence of the failure modes. For the three models
considered (designed using the NBK spectrum with Q405 .~ 0.29 and Cdes. =
0.02 and with an assumed normal strength distribution with k = 1.6 and
Vo = 0.10). Table 4.9, derived from Tables 4.5 and 4.6, summarizes the
bounds of system reliability under the assumption of the Cornell-Merz

se1smic risk curve (Figure 4.17).

s | %

MAX P, P,

i=] ] =1 !
T, = 0.317 3.3 8.9
T =037 |2 6.8
T, = 1.3 4.5 12.3

TABLE 4.9 - BOUNDS TO SYSTEM FAILURE PROBABILITIES * 106

It may be noted that Vanmarcke [63] proposed an approximation which

incorporates the effect of dependence between any two pairs of modes
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through the coefficient of correlation between their modal safety margins,
defined by Equation (4.10) as the modal resistance C; minus the modal load
effect Di‘

M. = C. - D, (4.10)
However, given the sensitivity of the marginal modal failure estimates
apparent in Figures 4.4 throuqh 4.9 and the simplicity of the model (i.e.
the small number of failure modes) the bounds in Table 4.9 are believed
sufficiently close. Further, assuming much greater coefficients of varia-
tion of load effects than those of resistance, modal safety margins can
be expected to be highly correlated, implying that the system failure proba-
bility is c¢loser to that of the lower bound. I[n effect, if one mode or
story survives an earthquake, the implication is that a high load is not

present and that the remaining modes or storfes will alsc survive.

£.6 CONCLUSIONS,

Probabiiities of exceeding limit-elastic interstory distortions for
three models were computed herein. An NRC-1ike seismic design methodology
was used to obtain strength estimates, i.e., the NBK spectra normalized to
d4es = 0.29 were used to compute seismic design load effects.

The sensitivity of the probability estimates to the parameters which
define the strength distribution, i.e., VC and m. (or k) as well as to

z and the seisimnic risk curve was examined. The sensitivity of the

des.
probability estimates to the parameters which control the load effect dis-

tribution, i.e., T /T, ¢, S, wq» Was not quantified.

It is observed that, given the same design assumptions, the implied
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reliability of the TI = 0.377 sec. and T] = 1.13 sec. models is not equal
but rather is somewhat smaller for the longer period structure.

Contributions to overall story probabiiities of failure arise from
the entire range of possible site intensities. Small intensities may even
make dominant contributions if the variation in the strength measure is
high and the strength probability distribution is not truncated. The mag-
nitude of the coefficient of variation of strength, Vc, then, affects proba-
bitity of failure contributions from small intensities the most, whereas
centributions from design level intensities are relatively insensitive
to Vc. Conversely, uncertainty in the lpcation of the mzan strength m.

(or k} has similar effects throughout the intensity range, implying that
in comparison with VC it is of greater importance in controlling contribu-
tions at design level intensities.

The seismic risk uncertainty, as conventionally believed, does cause
the greatest variations in reliability estimates, although for the 1] =
1.13 sec. model, changing gdes. from 0.02 to 0.05 caused approximately the
same increase in overall story failure probability estimates as that caused
by increasing the seismic risk to 1.5 times that given by the Cornell-Merz
curve,

A direct interpretation of the failure estimates derived herein in
terms of nuclear power plant seismic safety cannot be made. It is noted,
however, that significant differences exist among alternate estimates of an
equivalent central safety factor for nuclear power plants, given the occur-
rence of the design earthquake. Newmark assumed that the ratio of median
resistance to median hazard is significantly higher than that estimated by

Veneziano or that computed herein for the simple T] = 0,317 sec. model.
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CHAPTER §
COMPARISON OF METHODS

5.1 LIMITATIONS

5.1.1 Alternate Structural Systems and Optimization

The design process initially involves a choice of an overall struc-
tural system to resist applied loads. It is assumed that, at least ini-
tially, the objective is not to compare the effectiveness of alternate
structural systems nor to consider optimizing the overall cost of seis-
mi¢ protection or any other "utility function.” Rather, it is assumed
that a structural system has been chosen and that the focus is on the sub-
sequent phase; i.e., the iterative process of proportioning member stiff-
ness and sw.rengths, performing wnalyses to compute load effects and re-
proportioning members to resist the chosen critical design load effects.
In the latter phase, performance criteria must first be chosen, an analyt-
ical model formulated, appropriate loadings specified, and design load

affects chosen.

5.1.2 Alternate Performance Criteria

A structure may be designed to resist extreme loads such as earth-
quakes by performing in the elastic or inelastic ranges (see also Chapter
3). For purposes of definition, the following performance criteria are
stated:

NUCLEAR REGULATORY COMMISSION: Define two seismic load levels;
the structure must perform within "working stress" ranges when

subjected to the lesser load; the structure may perform up to
"yield stress” levels when subject to the higher load.
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UNIFORM BUILDING CODE-ATC [69]: Allow inelastic action but
prevent significant structural damage in a moderate earthquake;
prevent collapse in a severe earthquake. (It should be noted
that dual-level seismic loads and design criteria have also
been proposed (ponovan [17]) for “ordinary" building structures
and that, in general, revision of the above criterfa is contin-
ual, see ATC-3 [20]).
The choice of criteria constrains choices of structural models, methods
of specifying loadings, methods of analysis and choices of design load
effects. Work performed by Biggs [11], Roesset ard Pique [48],et a1.729,12,79]
has focused primarily on developing design procedures consistent with
UBC-ATC performance criteria. The assumption is made herein that altern-

ate methodologies within NRC~-1ike criteria will be examined.

5.1.3 Dynamic Models

Two-or three-dimensional lumped mass models having varying degrees
of freedom (and which may or may not include the local soil) are used.
The simplest elastic dynamic model is a close-coupled two-dimensional
MDOF system classically representing the shear beam type of behavior.

It, exclusively, will be considered herein. [t must be noted, however,
that use of such a model together with the NRC-like performance criteria
poses difficulties in interpretation of results. This is true because
in general much more complex 3-D isince NBK design spectra are defined

as component spectra) models are used for nuclear power plants.

5.2 BASIC METHODS USED FOR OBTAINING LOAD EFFECTS

The focus here is on defining methods of obtaining dynamic Toad
effects which are can be used; i.e., response spectrum analyses, time

history analyses, or random vibration techniques.
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5.2.1 Response Spectrum Methods (RS)

An cutline of alternatives associated with the use of response

spectra may be as follows:

I) Definition of Spectrum
A) Type
1} NBK [45]

2) Smoothed m, mty, or fractile of an arbitrary set of
recorded response spectra

3} McGuire “constant risk" response spectra [43]
B} Intensity
1} Normalization to peak ground acceleration 3 ax

2) Other intensity measures (vmax’ drax® etc.)

11) Point of application of spectrum
A) Ground level
B) Foundation level
C) Bedrock {use of augmented model)

ill} Treatment of spectrum as a component or resultant

IV} Method of modal superposition and number of modes considered.

5.2.2 Time History Methods (TH)

Alternatives available within time history techniques are:

[) Real time histories (RTH)

A) Number and type of real earthguakes
B) Choice of intensity (amax)
C) Choice of dominant frequency

D) Choice of response level for design (m, m+q)

I1) Artificial time histories (ATH)
A) Number of earthquakes
B) Types
1) Randoi impulses and other methods
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2) Superposition of sinusoids
a) Frequency content (stationary or non-stationary)
i} Band limited white noise
1i) Kanai-Tajimi (filtered white noise)f39]

1ii) G{y) derived from a smooth target response
spectrum [73,36]

iv) Geophysical prediction of [f(w}! or G(w) [8 ]
b) Time variation - duration of motion
c) Intensity of |f{w)l or g(w)

i} Obtained directly from s, to G{w) conversion
ii) ?50% {or seismic risk) to .y to o, to K-T Glw)

iii) Geophysical prediction from M, D, depth, and
length of rupture

d) Qther acceptance criteria

i) Matches or envelgpes a target Sv {with or with-
put specified smoothness)

i1} Matches peak acceleration
C) Choice of response level for design (m, m+c)

5.2.3 Random Vibration Methods (RVY)

Random vibration techniques may be broadly classified as follows:

I) Formulation to obtain RMS response
A} Time domain
B) State space approach
C) Frequency domain

1} frequency content of input (stationary or nonstation-
ary

3)

t)

c)

d)

Z2) Intensity

\ Same as far artificial earthquakes

b) | Same a; for artificial earthquakes

3) Duration of strong motion
I1) Formulation for approximate first passage problem solution[26,61]

1I1) Choice of design load effect.
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5.3 COMPARISON OF METHODS

5.3.1 Previous Work

Figure 5.1 summarizes the methodology used in reference [72] for
comparing lpad effects obtained through alternate methods. Statistics
of load effects were computed for three plane, 4-DOF shear beam models
(two are the same as those defined in Table 2.5} with deterministiz
periods(T1 = 0.377, T] =1.13, T] = 2.26) and damping (& = 0.02). The
main conclusions regarding the moments of the calculated load effects

were as follows.

Means

Methods 1, 3, 5, 7 equally well predict mean lpad effects for all
three structures. Method 4 also yielded comparable mean values. It
must be noted that the methodology to arrive at G(w) from Sv was that
developed by Vanmarcke and described in [36]. Alsp, the artificial time
histories were those generated using the program SIMQKE, which is docu-
mented in Reference [36]; the program is essentially based on the work of
Hou [30]. The random vibration formulation was the same as the one de-

scribed in Chapter 2.

Coefficients of Variation (COV)

Methods 1 and 7 yielded essentially equal COV's for all responses.
The COV's generally decreased with decreasing fundamental period, primar-
ily because of the normalization of the responses to peak ground accelera-
tion [72]. Methods 3 and 4 also yielded essentially equal COV's, but for

the three models considered, their values were significantly smaller than
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those obtained through methods 1 and 7, The salfent reason for the dif-
ference is clearly that all the artificial motions and the random vibra-
tion analysis used a single frequency content and duration, whereas the
39 real time histories and their corresptnding response spectra reflect

a range of frequency contents and durations. Chapter 2 presented a
method to essentially reconcile the observed lpoad effect distributions
using method 4 with those achieved through methods 1 and 7. As T~ Q,

a problem of interpretation does arise; the COV's derived through methods
1 and 7 approach zero (because all ground motion representations were
normalized tu peak ground acceleration). Conversely, random vibraticu or,
equivalently, multiple artificial time histories derived from a common
spectral density function,imply a random peak acceleration and hence dis-
tributions of responses as T+ 0. For artificial motions the generated

peak ground accelerations (for the 15 motions generated [72], 74.1 in/sec2

. 2, - _ . 2. i} , 2
a, S N8Tin/sect; &L = 94.3 in/sec; ap, o, = 116 in/sec )

are artificially raised - lowered to provide a perfect match [72]. The

I

random vibration methodology has not been similarly modified to account

for non-random 3 ax 25 T*0.
The coefficients of variation obtained through methods 3 and 4 are,
however, significant in that they indicated the possible variation in

response due simply to the random phasing of the motion.

5.3.2 Additional Work

Design load effects (and their variability) from alternate analyt-

ical methods and, if possible, failure probabilities for resultant designs
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are to be compared. The assumptions of a common dynamic model and con-

ditionality on peak ground acceleration ar- made. It is apparent that

analogous methodologies must exist in RS and TH analyses; for example,

if £1 Centro is chosen as input to a TH analysis, the analogous proced-
ure would be to use the E1 Centro RS in an RS analysis. The only differ-
ence between the two metheds is the uncertainty in modal combination
(which is not to be examined) and the practical limitations of RS analy-
sis output (e.g., it does not give a time history of floor acceleration).
In the limit this is also true for a response spectrum analysis ysing the
NBK spectrum and an artificial time history which matches (assume per-
fectly, after smoothing [36]) the NBK target spectrum. Accepting the

same information regarding excita*ion, then, RS and TH methods are equally

variable (this is evident in the response statistics summarized in Refer-
ence [72]). If comparing a RS analysis using (for example) the NBK spec-
trum and a time history analysis using a randomly chosen record, it is
important to recognize that the two methodologies represent different

information levels regarding the seismic threat.

5.4 COMPARISUN OF METHODS - RESPONSE SPECTRUM_ANALYSES

Three possible deterministic design procedures may be as follows:

1) Use the NBK spectra normalized to an apay 2pplied as resultants
(for a 2-D model) at the foundation level.

2) (As proposed for the West Coast [13,37]) choose a set of RS cor-
responding to a chosen set of normalized likely earthquakes {as
determined from expected magnitude, depth of shock, distance and
type of and length of rupture, etc.). Use the smoothed m, m+c,
or mt20 spectra for computing design load effects.

3) Use "constant risk" spectra as proposed by McGuire {43].
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McGuirc developed [43] an approach to predict site response spectra

from regression equations based on computed response spe:tra of observed
records. The independent variables used for prediction are the magnitude
and hypocentral distance. {Separate regression analyses, with magnitude
fixed, were performed on records from the 1971 San Fernando earthquake).
The means of the distributions of responses 2+e obtained from the regres-
sion equatfons; the variances are obtained from the variances of residuals,
and the variances of the logarithmic regression lines. The means ana
variances are used to fit lognormal distributions; proper fractile re-
sponse spectra may then be chosen for design.

The approach is appealing, but regression analyses must be performed
for a set of freguencies and damping values (although McGuire suggested
performing regression analyses on 2% dampeu responses only and scaling
the resultant mean spectrum to obtain spectra for other damping values).
In lieu of such extensive work, McGuire further suggested that such con-
sistent risk spectra may be derived through regression analyses on only

two parameters: a ax {the one parameter conventionally used) and the maxi-

.
mum pseudo-velocity response of a 1-DOF osciltlator with f = 1 Hz a. 1
r, = 0.02. The latter parameter {or any other Sv value) has not been
related to MMI data, and hence the approach remains ta be develoied for
the Eastern United States.

Alternatives 1 and 2 are, in reality, similar: NBK have simply chosen
their own particular set of earthquakes and the corresponding m+s spec-

trum for design purposes. Absolute judgement regjarding the applicability

of the NBK design spectra, versus, say, spectra derived through method 2,
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or the m+gspectra for the 39 earthquakes of Reference [72), or the
Cornell seismic design spectra for Boston [6 ], cannot be made for most
sites. Each set of spectra reflects a different assumption regarding
the seismic threai. Only for a few sites, Mexico City may be one, is
the geophysical understanding of earthquake occurrences sufficient to
define clearly better site design response spectra than those given by,
say, NBK. By visual comparison the relative conservatism of alternate
design spectra is evident and corresponding probabiiities of failure can
be computed for a specific structure, but the basis (e.g., an earthquake
set) used to define the seismic threat (i.e. to arrive at distributions
of ub and $' as in Chapter 2) in order to compute probabilities of fail-
ure, is arbitrary.

Herein, the relative importance (ir terms of the resulting story
probchility of failure) of using the mean or m+o or the m+*26 RS of a
given set of earthquakes (which is arbitrarily assumed to define tha site
seismic threat). is quantified.

For the two dynamic models described in Table 2.5, (T] = (0.377 sec.
and T1 = 1.12 sec.), design interstory distortions were, therefore, com-
puted using four different spectra. The first three were the m, m+gy, and
the m+2a spectra (for r = 0.02) corresponding to che 39 earthquakes c¢f
Table 2.2 . Figure 5.2 from Reterence [72], shows the m and the m+g spec-
tra normalized to 0.3g peak ground acceleration. The fourth spectrum
was the 2% damped NBK ce¢ign spectrum 2s shown in Figure 3.6.

Computed design interstory distortion: (D3} are summarized in Table

5.1 for Byes . = J.1g. It is to be noted that for the T = 1.13 sec. model,
the m+20 spe.*rum load efects are smaller than those of the NBK spectrum.
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Story NBK m of 39 mo of 39 | m20 of 39
) 255 164 .2156 2674
2 225 .1445 190 236
3 1665 107 1406 174
4 .0896 0575 | 0757 0938 |
a) T] 0.377 sec.
Story NBK m of 39 m+o of 39 m+2g of 39
1 1.0873 491 1 .749 982
4 I
2 .959 433 661 866
3 .709 .320 488 640
4 .3816 A 263 3445

b) T1 = 1.13 sec.

TABLE 5.1 - DESIGN INTERSTORY DISTORTIONS (in)

£=10.02,

ddes. © 0.1g
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Load effect distributions were calculated as described in Chapter
2 with the parameters wye G TO/TC. S' lognormally distributed with mom-
ents given by Table 2.8. The strength measure, yield interstory distor-

tion, C, was assumed to be normally distributed with moments:

k *DD =1.5*0DD
0.10

Me

Ve

(5.1}

The above estimates are equal to those used in Chapter 4 and are based
primarily on the calculated moments of the structure designed in Chapter 3.
The sensitivity of the resultant failure probabilities to the above param-
eters was partially quantified in Chapter 4. The seismic risk curve for
Boston as developed by Cornell and Merz (see Figure 4.11) was again used

to compute overall failure probabilities.

5.4.1 Conditional Failure Probabilities

Figures 5.3 and 5.4 depict conditianal failure probabilities for
the first floor in each of the models, given the accurrence of an excita-
tion with intensity afag, » 1t is to be noted that the conditional risks
for the NBK spectrum are closest to those of the m+20 spectrum of the 39
earthquakes. Further, for all of the spectra, the implied conditional
risks vary with fundamental period T]; i.e., they increase as T] increases.
This is primarily a result of normalizing the spectra with respect to Aax
COV's of responses increase as T] increases. Conversely, in the limit, as

T+ 0, all spectra should have a common conditional risk curve.
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5.4.2 0Overall Failure Probabilities

Tables 5.2 and 5.3 show overall failure probabilities for designs
corresponding to each of the four spectra. Three design accelerations were
used, with yearly probabilities of exceedance,as predicted by the Cornell-

Merz seismic risk curve, given in Table 5.4.

a, Pla < a,]
g 9 x 107°
A5 | 4 x W
| 209 | 2x107°

TABLE 5.4 - DESIGN ACCELERATIGNS AND ASSOCIATED CORNELL-MERZ
EXCEEDANCE PROBABILITIES

As for conditiona) risks, overall failure prgbabilities increase as
T] increases. Again, this is because normalization to peak ground accel-
eration forces all spectra to converge as T] + 0. As expected then, the
differences in resultant failure probabilities are greater for the TI =

1.13 sec. structure.

Alternate 34es .

For the sawe spectrum, an increase in A 4as from 0.17 to 0.29 clearly
decreases the resultant failure probabilities by factors ranging from ¥ 7
to = 11. As expected, the decrease is generally greater for the T = 1.13

sec. structure.

Alternate Spectra

For the same design acceleration, use of a more conservative spec-
trum decreases failure probabiiities by a factor of = 10 for the T = 1.13

sec. structure and by a factor of = 4 for the T = 0.377 sec. structure.
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TABLE §.2 - OVERALL FAJLURE PROBKBILITIES (*105) FOR
ALTERNATE DESIGNS, T] = 0.377 sec. Modal

Story[ NBK | mof 39 | med of 39 | m+2c of 39
1 1.3 4.4 2.1 1.2
2 1.2 4.1 1.9 1.1
3 1.4 4.8 2.3 1.3
4 1.7 5.7 2.6 1.5
Aes . ~ 0.1g
Story NBK m of 39 w+g of 39 m+20 of 39
1 .42 1.45 .69 .36 i
2 .38 1.3% .64 33
3 .46 1.58 .75 .40
4 .54 1.84 .88 .47
Ayes . ° 0.15¢
-
Story NBK m of 39 m+o of 29 m+20 of 39
1 .16 .63 .28 13
2 .14 .59 .25 12
3 A7 .69 | .3 15
|+ @ 81 .37 .18
Aes . © G.2q
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—
Story NBK m of 39 m+o of 39 m20 of 39
1 2. 21.3 5.9 2.8
? 1.9 18.7 52 2.5
3 2.4 24.5 6.7 3.1
5 4 3.2 35.4 9.3 4.2
8es. ~ 0.19
Story NBK m of 39 m+o of 39 nt20 of 39
1 .67 6.1 1.9 .91
2 .59 5.5 1.7 .80
3 17 7.0 2.2 1.0
4 1.1 9.8 3.0 1.4
Aes. © 0.15¢
Story WBK m of 39 m+ of 39 m+20 of 39
1 .26 2.2 .82 .36
2 .22 2.0 .72 .32
3 .30 2.5 .94 .42
4 .45 3.2 1.3 .61
qdes. ~ 0.29

TABLLE 5.3 - OVERALL FAILURE PROBABILITIES (*105) FOR

RI.TERNATE DESIGNS, T

i

= 1.13 sec. Model
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5.5 COMPARISON OF METHODS - REAL TiKE HISTORIES

Not considering choices in the intensity or dominant frequency of an
earthquake, there remains to choose the exact earthquakes used for analysis,
their number and the design loaa effect. The relative conservatism of
using 1, 2, ... n “accepted" motions (E1 Centro, Taft, Golden Gate, Park-
field, Helena, etc.) is 1ikely to be a function of the nominal periods of
a structure. That is, where a computed load effect due to, say, El Centro,
lies in a total conditional distribution of load effects depends on the
periods of the structure. Therefore the effectiveness of multiple time
history analyses using specific earthquakes cannot be established a priori.
Rather, one is limited to developing probabilistic statements regarding
the effectivenss of using n arbitrary earthquakes.

In general, load effects from n arbitrary real earthquakes {all
normalized to an intensity measure) can be viewed as a sample of n random
variables assumed to be independent and i.entically aistributed. Functions
of the sampl=, such as the mean or the maximum value are generally called
sample statistics and can be viewed for purposes stated herein as alternate
design strategies. The implication of such alternate strategies in terms

of the design load effect distribution and the conditional failure proba-

bilities may be partially quantified as follows.

5.5.1 Strategy: Choose Mean of n lLoad Effects for Design Purposes

This is equivalent ta a basic problem of statistical estimation [15].

That is, the moments of the sample mean are desired. It :an be shown that,
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if D

Random (Demand) load effect (mD. oip,

DD

n
! D, = Random (Design Cemand) design load effect
i=1 ! - -

1
n
and the Di are mutually independent, then

The moments Moo and dpp 3re independent of the form of the distribution
of D. It :s further noted that, if n is large, by the central limit
theorem, no matter what the distribution of 0, the sample mean will he
approximately normally distributed. The 1ikelijhood of using a design load
effect close to the actual mean Toad effect increases as n increases.
Conversely, the probability of using extreme design load effects signif-
icantly below or above the mean decreases Figure 5.5 illustrates these
points.

If D is normally distributed (and hence aiso DD; Table 5.5 indicates
probabilities of choosing a design demand within different ranges of the
load effect distribution. For example, if the mean load effect of four
arbitrary earthquakes is chosen for design, there is an a priori probabil-
ity of 0.959 that such a design demand will be within plus or minus one

standard deviation of the mean of the load effect distribution.

Conditional Failure Probabilities

It is customary to express reliability, R, as

P[M> 0] (5.3)
c-D {5.4)

where



]

n | Pm - D iODD PImy - 7> < 0D | [my - op < DD | PLmy - 20, < DD
<m ¢ *%] <mg ¢ S% < mp + opl < mp + 20p]

S R B
1 107 .383 .683 .955

2 277 .520 .843 .994

3 335 613 917 .9994

a .383 683 955 B

5 .424 734 .974 7

TABLE 5.5 - A PRIORI PROBABILITIES OF DESIGNING WITHIN VARIOUS RANGES
OF THE TOTAL LOAD EFFECT DISTRIBUTION

FDD(dd)

FIGURE 5.5 - OISTRIBUTIONS OF SAMPLE MEAN

FOR DIFFERENT SAMPLE SIZES
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and where C is the random strength or Capacity. It can be shcwn [ 3] that,
if C and [ are normally distributed and uncorrelated:

2 2
oM o *o
V, = — = - 5.5
Mooy me - ¥y (5.5)
and f ey -k [ my - me (5.6)
P= - — = .6
NN CSE

where Fu is the cumulative distribution function of the standardized normal
variable U,

Given Mys 9 then, safety is a function of me and OC‘ It is here
assumed that VC is a constant and that me is a function of the design load

effect {or Design Demand), DD. Specifically, it is assumed that

Me = k * DD (5.7}

as illustrated by Figure 5.6.

o = *

%E -fDD(dd) ~m k * DD

| =

S ) N

>

~ 1 N\ € or DD

£L

3

2

a

FIGURE 5.6 -STRENGTH DISTRIBUTIONS IN RELATION TO DESIGN LOAD EFFECT
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The conditignal probability of failure is t{hen:

/ Me - k DD
Pelop = Ful e
AT AR

and the overall a priori probability of failure can be numerically cal-

5.8)

culated by

= )
PF ! P(DD] * pF|DD (5.9)
A1l DD

As an example, assuming:

k =1.5%
mD = 10.0
VD = 0.18

= 1
VC 0.10

the overall a priori probabilities of failure may be caziculateu for sev-
eral values of n. Figure 5.7 shows the results. .t can be noted that
with this strateqy {(and under the assumptinns made), even in the limit

{as n * =), the probability of failure decreases only by a factor of

= 5. If n = 4 the probability of failure is decreased by a factor of = 3.
However, the assumption of a normal distribution for demand may not be

realistic.

5.5.2 Strategy: Choose the Maximum of n Computed Load Effects for

Design Load Effect

The tmplications of choosing for design nurposes the maximum of a

sample of computed load effects may be partialiy quantified as follows.
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ailure Probakbil-t

A Oriorj

N

o | NORMAL DEMAND
1072 AND CAPACITY

10 \. f*n *

l—.A—__, ] eeeealags ek g

10

1 2 3 4 5 6 7
n

FIGURE 5.7 - VARIATION IN A PRIORI CONDITIONAL FAILURE PROBABILI-
TIES FOR STRATEGY OF USING MEAN OF n LOAD EFFECTS
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Letting n
DD = :wlt (0, Dy ... D) (5.10)
If all the D are independent and identically distributed random variables,
then:
Fop(dd) = (Fy(ad))" (5.11)
and
fopldd) = n(F(dd))"" £/ (ad) (5.12)
Assuming D is N(mD.gﬁ), Table 5.6 shows probabilities of choosing load
effect values DO in different ranges of the total load effect distribu-
tion for several values of n. As an example, if four arbitrary time
history analyses are performed and the maximum loay effect is chosen for
design, the a priori probability is ~ .5 (given our assumptions) that a
load effect . m+s will be chosen for design.
Assuming D is lognormally distributed with VD = 0,75, then Table
5.7 indicates corresponding probabilities of choosing design load effects
in several ranges of the D distribution, VD = 0.75 is a value close to
those obtained for the interstory distortion responses of the T1 = 0.377
sec. and T] = 1.13 sec. models in Chapter 2. Assuming the first story
relative displacement response of the T] = 1,13 sec. model (Fig. 2.16) is
lognormally distributed with my = 0.63 and VD = 0.75, Figure 5.8 indi-

cates the variation in the design load effect (DD) distribution with n.

Conditional Failure Probabilities

Assuming both demand D and capacity C are lognormally distributed,
it is convenient (o let

F=2C/D (5.13)
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S -
n| P[OD > n] | PIDD > my + o1 | P[DD > my + 20,] LPfuo > my + 30,1
VT s [T s T o2z I oo1zs |
2 | 1m0 | 29 0450 00270 |
Tl e | s ] oser .00404
‘| 918 | .49 om0 | .05 |
5 969 579 109 0063

TABLE 5.6 - A PRIOR] PROBABILITIES OF DESIGNING WITHIN VARIOUS RANGES OF
THE TOTAL LOAD EFFECT DISTRIBUTION; NORMALLY DISTRIBUTED
DEMAND

n pP{DD > mD] p[oD > my + cD] P[OD » My + ZUD] p[DD > my + 300]

) .369 RES C Loas .0180

2 .602 227 .0861 .0356

3 | .749 .320 126 .0529
T______,_..__ S [ — —

3 .842 r 402 165 .0700

5 | ,900 474 |02 .0866

TABLE 5.7 - A PRIORI PROBABILITIES OF DESIGNING WITHIN VARIOUS RANGES
OF THE TOTAL LOAD EFFECT DISTRIBUTION; LOGNORMALLY
DISTRIBUTED DEMAND; Vp * 0.75
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and then the reliability, R, may be exprassed as

R=P[F>1]J=1-F[F <1] (5.14)

Then, since gnC, gnD, and ¢nF are normaily distributed, the probability

of failure is given by:

m ~m
Pe = F, (-~ go—) - F, [-02__tnC (5.15)
inf CHIIREH)

where Fu is the CDF of the standardized normal variable. Further, since

for a lognormally distributed random variable, X:

]

F3 2
IenX zn(vx +1)

= _1 2 = ~
Moax = &0 my T Yenx wn my {5.16)

equation (5.15) may be expressed as

[V +1
R,n(mD/mc) + % £n \;%7"
Pt F, — (5.17)
An(Vg + 1)(VE + 1)

Making the additional assumption

Me = k * DD (5.18)

conditional a priori failure probabilities may be estimated using Equa-
tiors (5.9) and (5.17). As an example, the conditional (on qax = 0.1 q)
first flaoar relative displacement load effect (Demand-D) of the T = 1.13
sec. mode]l is assumed to be lognormally distributed with moments as calcu-

lated through random vibration analysis (Chapter 2, Figure 2.28.)
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t.e.,my = 0.63 in; Vp = 0.74. Strength is also assumed to be lognormal
with VC = 0.10 (therefore the distribution is very close to normal).
Assuming k = 1.5 in Equation (5.18), Table 5.8a shows the variation in the
resultant conditional (on Aax ° 0.10g) a priori failure probabilities
of the first floor as a function of n, if the strategy of choosing the

maximum load effect of n is followed.

1
n{ P[Fla = 0.1g] Design P[Fla = .1g]
Spectrum
- b
1 .335 mean . .32
2 .185 m+a .130
———
3 123 m+20 5 .062
L*‘ 19?07 NBK 1} .044
.0708
a) b)

TABLE 5.8 - COMPARISON OF A PRIORI FAILURE PROBABILITIES FOR VARIOUS
DESIGN STRATEGIES

Accepting the above assumptions, conditional failure probabilities ob-
tained through such a strategy mey be compared with these abtained for
alternate response spectrum designs as tabuTated in Table 5.8b (taken
from Figure 5.4). The implication is that for the model considered,
choosing a maximum Joad effect out of 3 {5 a priori (on the average)
approximately equivalent, in terms of resultant conditional failure proba-

bilities, to using a m+; design response spectrum.
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5.6 COMPARISON OF METHODS - ARTIFICIAL TIME HISTORIES

The comments herein are based on earthquakes generated by the pro-
gram SIMIKE [36] which are considered to be representative of current
practice. Briefly, such artificial earthquakes are normally based on a
G({w) and intensity derived from a smooth target Sv; non-stationarity is
simulated by a determministic trapezoidal time envelope of ntensity.
Resuitant spectra match, on the average, the target response spectrum.
Raniom peak accelerations are adjusted to perfectly match the target
a . The COV's of responses calculated through multiple artificial
time history analyses may norma)ly be decreased by modifying G(w) [36].

Similar strategies to those described for real earthquakes may be
followed for artificial earthquakes. Qualitatively, if the strategy fis
to choose the mean of n artificial time history (ATH) responses, in the
limit, as Ny grows large, the design load effect and the associated proba-
bilities of failure approach those computed for the target response spec-
trum design. Therefore, it is evident that the conservatism of the tar-
get spectrum determines the conservatism of such a procedure., As an

example, if the target spectrum is a mean spectrum, and

0, = Random Demand Computed from Artificial Earthquakes

then

Mo = mD] = my {(5.19)
02 -
] al a’
2 - _1 _ b D (5.20)
4] = = T — .
DD n

Ny (05106]) n (VD/VD]-\Z
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Therefore (see also “quation (5.2)) M ’“/(VD/VD])2 artificial eartn-
quakes decrease the uncertainty in the desired mean load effect to that
obtained with n real earthqual »s.

Table 5.6, then, entered with n * (VD/VD])Z may be used to deter-
mine a priori probabilities af choosing a desigrn demand within different
ranges of the totai load effect distribution. OQf course as VD‘ is made
small (by "smoothing" [36], say} the need for multiple analyses disap-
pears; VD] approaching zero assures that the match is "perfect” and
therefore a mean (or any other target value) response will result.

Analogous arguments may be made for the strategy of chcosing the
maximum of n arbitrary earthquakes. However, with such a strateqy one
approaches the reliability associated with a somewhat higher fractile
snectrum; ;ng“gggggldj[gg;ilg_Qgﬂjggeg_iénqggggggpﬁigg_ynl. Figure 5.9
shows schematically the use of multiple artificial earthquakes with dif-

ferent strategies.

5.7 COMPARISON OF METHODS - RANDOM VIBRATION

It is clear that an alternative to the prediction of design load ef-
fects by RS and TH analyses is to choose design 1oad effects (at appropri-
ate fractiles) from the load effect distribution predicted by random
vibration. Figures 5.10 and 5.11 show such distributions conditional on
amax= 0.10g for the first story distortion of the two models. Also super-
posed on the figures are the design load effects computed from the four
response spectra discussed herein. [t is crucial to recognize that the

random vibration distributions were derived corsidering both the pericd
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and damping of the structures as random variables. Hence the load ef-
fects computed from the mean response spectrum do not necessarily corre-
spond to the means predicted by random vibration. Indeed, the random
vibration distributions incliude the uncertainty normally accounted for

by “broadenirg the peaks"[78] of spectra or performing time history anal -
yses using multiple models.

It is apparent that the same conservatism in design may be achieved
by: 1) specifying a lower design acceleration and choosing a high frac-
tile of the conditional floor response distribution; 2) specifying a
high design acceleration and choosing a relatively low fractile of the
conditional response distribution or, 3) deriving an unconditional (incor-
porating the seismic risk curve) response distribution first and then
choosing the design load effect corresponding to the absolute floor rehia-

bility.

5.8 SUMMARY AND COMCLUSIONS

As has been previously observed [43], reliability impiied by the NBK
spectrum varies with fundamental geriod. Analogously, the relative im-
portance of using normaiized (to a . ) m, ma, or m2: spectra is also a
function of period. For the T] = 0,377 sec. model, overall story failure
probability estimates vary only by a factor of 4 as the design spectrum
is increased from its mean to its meantc value. Similar variations of
design spectra for the T1 = 1.13 sec. model cause an order of magnitude

change 1r fezilu-e probability estimates.
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Varying th2 design acceleration has, as expected, a relatively
period-independent effect on overall failure estimates. In general an
order of magnitude change in failure probabilities is noted as s . is
doubled from 0.1g to 0.2q.

The a-priori reliability of a design based on the mean of n load
effects approaches the reliability associated with a design based on
the exact mean. Assuming normally distributed capacity and demand, approx-
imately 85% of the total possible increase in reliability with such a
strategy is achieved with n=4.

Choosing for design the maximum of n arbitrary (TH) load effects
js effective in increasing the a-priori conditional reliability of a
structure. It was found that for the T] = 1.13 sec. structure {assuming
lognormally distributed capacity and demand) choosing the maximum of three
arbitrary time histary load effects resulted in a-priori reliability
approximately equal to that of a design based on an m#+c spectrum.

Finally, it was noted that design load effects may logically be
chosen at appropriate fractiles of load effect distributicens predicted
by random vibration theory. As such, random vibration theory constitutes

a complete alternative to response spectrum or time history techniques.
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CONCLUSTONS AND RECOMMENDATIONS FOR FURTHER WORK

CHAPTER 2

Multiple random vibration analyses, an associated first-passage prob-
lem solution, and the associated stationary {in frequency content} random-
process model for an earthquake, offer a viable alternative for deriving
distributions of elastic load effects. For the two models considered
herein, such distributions (conditional on amax) match distributions ob-
tained tkrough multiple time-history analyses.

Probabilistic models for the two (random) earthquake parameters, cen-
tral freguency, ug, and strong motion duration, S', must be carefully
defined for a site. It is likely that significant statistical uncer-
tainty remains in such probabilistic models,

For purposes of random vibration analyses, the intensity parameter
qax is not a satisfactory measure of the strength of an earthquake, Pre-
dictive models for intensity measures such as o4 and Ga(w) or [fa(M)i
ordinates must be developed.

The sensitivity of conditional load effect distributions to the

parameters w_, TO/TC, Ci and S' (and their distributions) is a function

9
of the nominal fundamental period of a structure and the response of
interest. The methodology presented herein offers a feasible way to
quantify such sensitivity for any particular model of interest.
Statistical correlations among the parameters (wg, 5', To/Tclci) as

well as correlations of the parameters with earthquake intensity need

to he quantified.
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CHAPTER 3

Stiffness and strength properties of shear beam models must be
examined further. Studies to guantify the uncertainty in strength
measures due to uncertain failure mechanisms and to individual members'
strength interaction diagrams remain to be performed.

For the simple structure designed (by NRC-like design criteria and
for NBK-SSE seismic load levels) in Chapter 3, the ratios of the mean
story strengths to the design interstory shears was computed to be be-
tween 1.5 and 2.0. The coefficients of variation of the story strength
measures, due solely to uncertain member strengths (Mp),were =~ 0.04. The
assumption was made that strengths (Mp) of different members in a story
were uncorrelated; hence such a coefficient of variation is not meaning-
ful for reinforced concrete frames. It is likely that the actual coef-
ficient of variation for a story strength measure is considerably larger

due to uncertainty in the failure mechanism,

CHAPTER 4

Given the design of & structure by NRC-like seismic design criteria,
story failure probabilities given the occurrence of the design intensity
were found to be ~ 2 - 6%. Because of normalization of distributions
to Aaxt such conditional failure probabilities increase as the nominal
fundamental period of the structure, T], increases.

The coefficient of variation of strength becomes an imporiant param-

eter when computing conditional failure probahilities due to small

intensity levels. Proper evaluation of the mean of the strength measure
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is crucial in determining conditional failure probabilities for the
entire intensity range. Alternate design damping values, Ldeg.® 1P
effect imply a shift in the strenqth distribution in relation to the
conditional load effect distribution {(assuming that the distribution of
actual ¢ values remains the same.

Seismic risk input, as expected, has the most significant influence
in determining overall story re]iabi11tie;. For a structure designed
by NRC-1ike seismic design criteria (for aggr * 0.2g), use of a seismic
risk curve for Boston [6 ] firm ground sites yielded story failure proba-
bilities between 1.0 to 5.0 x 10'6. I1f load effects have greater dis-
persion than resistance measures, modal {or story) safety margins tend
to be highly correlated, implying that the system failure probability
is close to its lower bound.

Failure estimates derived herein cannot be directly interpreted as
indicators of NPP seismic safety. Insofar as inelastic structural be-
havior implies uncertainty in the performance of critical systems, the
failure estimates may be related to the mean rate of accident initiation

(by seismic forces) in a specific mode in a NPP,

CHAPTER 5

Given normalization of design spectra to A ax® the relative impor-
tance (in teyms of overall story reliabilities) of using the mean, mean
+ 0, mean + 2 or any other response spectra (e.g., NBK) is clearly
dependent on T1. For the T1 = 0,377 sec. structure examined herein,

overall failure probabilities decreased by a factor ~ 4 if the mean + ¢
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rather than the mean spectrum was used for design; for the T] = 1.13 sec.
structure an order of magnitude decrease was noted. An order of magni-
tude change in story failure probabilities {for the two models) also
results if the design intensity is doubled.

Designing for the mean load effect of n arbitrary real earthquakes

is likely not trn significantly decrease a priori conditional story fail-
ure probabilities from those associated with just using one arbitrary
real earthquake. In the Tlimit, as n grows large, one merely approaches
the reliability of using the "mean earthquake." Designing for the
maximum load effect of n arbitrary real earthquakes is effective in re-
ducing a_priori story failure probabilities. For the T1 = 1.13 sec,
structure (assuming Tognormal demand and capacity distributions), the
a priari reliability of a story designed for the maximum of three arbi-
trary earthquakes is approximately equivalert to the reliability obtained
by using the m+g design resﬁbnse spectrum,

The story reliabilities associated with designing for either the

mean or the maximum load effect of n arbitrary artificial earthquakes

is primarily a2 function of the target response spectrum used to generate
the motion and the inherent variability of responses from statistically
similar earthquakes. The need for multiple artificial time history (ATH)
analyses is precluded if; one, he reliability of a design based on the
target response spectrum is satisfactory and, two, the motions are suf-
ficiently "smoothed"[36] to provide very close spectral matches.

Of course if the strategy is to choose the maximum load effect of

n ATH analyses, the increase in reliability over that associated with



208
the target response spectrum is an inverse function of the variability
of responses fram statistically similar artificial earthquakes, i.e.,
it is not reasonable to: one, extensively smooth each artificial earth-
quake, and two, choose the maximum load effect of n ATH analyses.

Random vibration analyses constitute a complete alternative (for
elastic systems) to response spectrum and real or artificial time history
analyses. Conservatism may be directly achieved by: 1) choosing a
design load effect at a fractile of a response distribution conditional
on an intensity, or 2) deriving distributions of responses incorporating
seismic risk data and then choosing a design load effect associated with

the desired probability of nonexceedance.

LIMITATIONS
Only elastic systems were considered herein. To obtain reliability
estimates consistent with UBC-1ike seismic design criteria, inelastic
random vibration procedures must be developed. The methodology described
becomes increasingly expensive as the number of discrete combination:
of the parameters used in the random vibration analysis increases or as
the number of responses for which distribution are required increases.
Finally, additional conservatism inherent in the treatment of design

spectra or earthquakes as components has not been guantified herein,
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