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ABSTRACT

A method is developed herein for obtaining distributions of re­
sponses of elastic multi-degree-of-freedom systems subject to earth­
quake excitation. Uncertainty in both dynamic model and ~arthquake

excitation parameters is acc0unted for. Random vibration theory and
an approximate first-passage problem solution are ut;lized. Distribu­

tions of responses are computed for two 4-DOF dynamic models. Sensi­
tivity of such distributions to earthquake and dyn~~ic model param~ters

is quantified.

Factors contributin~ to uncertainty in the strength measures used
for rigid fraNe buildings are examined. A simple frame is designed by
elastic criteria and a second moment description (If the story stl'ength
meJsure: is given.

Probabilities of exceeding lim~t-elastic response levels are com­
puted for three models by utilizing the derived lJad effect and ~tren~th

distributions. Prcbabilities conditional on peak ground accelerations
are first obtained; then seismic risk information is incorporated to
arrive at unconditional failure probabilities. Sensitivity of such

safety estimates to seismic risk inf::lmation and strength distributior.
parameters is examined. Comparisorl5 with the safety assessments of otller
;1"!'Jestigators are also made.

Alternate elastic seismic aesign strategies are reviewed and their
intErrelationships are clarified. The relative conservatism of r€sult­
ant designs is compared by uSilg the metoodology developed in the report.
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PREFACE

This is the ninth report prepared under the research project en­
titled "Evaluation of Seismic Safety of Buildlngs," supported by National
Science Foundation Grant ATA 74-06935 and its continuation Grant ENV 76­
19021. This report is derived from a thesis written by Dario A. Gasparini
in partial fulfillment of thf~ requireme:"Its for the degree of Doctor of
Philosophy in the Department of Civil Engineering at the nassachusetts
Institute of Technology.

The purpose of the sLpporting ~roject is to evaluate the effective­
ness of the total seismic design process, wnich consists of steps begin­
ning with seismic risk analysi~ through dyr.amic analysis and the design of
structll(al components. The project seeks to answer the question: "Given
a set of procedur'es for thesE steps, what is the actual degree of protec­
tion against earthquail.e danage prOlrided?" Alternative methods of analysis
and design are being (~onsidered. Spec1ficaliy, these alter'natives are
built around three meU,ods of dynamic a01alys~s: (1) time-history analysis,
(2) response spectrum ~lodal analysis, and (3) random vibration analysis.

The formal re~orts produced thus far are:

1. Arnold. Peter, Vanma"cke. Erik H., and Gazetas, Georqe, "Frequency
Content of Ground Motions during the 1971 S3n FernclnOo Earthquake,"
M. 1. T. Department of Civil Eng'ineering Research Report R76-3, Order
No. 526, January 1976.

2. Gasparini. Dario, and Vanmarcke. Erik H•• "Simulated Earthquake
Motion Compatible with Prescribed Response Spectra," M. I.1. Oepart­
IRent of Civil Engineering Research Report R76-4. Order No. 527.
January 1976.

3. Vanm~rcke. Erik H.• Biggs, J.M.• Frdnk. Robert. Gazetas. George,
Arnold, Peter. Gasparini. Daria A., and luyties, William. "Compari­
son of Seismic Analysis Procedures for Elastic Multi-degree Systems,"
M.l.T. Department of Civil Engineering Research Report R76-5, Order
No. 528. January 1976.

4. Frank. Robert. Anagnostopoulos, Stavros, Biggs, J.M .• clnd Var:marcke.
Erik H., "Variability of T~elastic Structural Response Due to Real
and Artificial Ground Motions." ~.I.T. Department of Civil Engineer­
ing ReseJrch Report R76-6, Order No. 529. January 1976.



ddvilJnd. Rid!,vj, "~Stu,1y,f tr;t' 'inc r·t,li"tj.,~ i" the Fund,\Inen~,l'

~"Jrl'>;dti,)ndl ;-(_'rj')d~ HId ;) '1IliJje,r, '>':l1:.e'; f~'r :C~'l: "lilJinq'),' <,u;wr­
vised by F'r"fe''>o''s J. M. Bi'J9s and Erik II Vanlllarcke, M.I.T. lJ,'­
partment or Civil [rlgin~ering Rp.',ccrch Report R76-li, Order No. 531,
February 1976.

6. Luyties, William 1-1. III, Anagnostopoulos, Stavros, dnd Bi99s, John
r~., "Studies on the Inelastic Dynamic Ana'ysis and Design cf Multi­
Story Frames," :--I.l.T. Department of Civil Enqineering Research Re­
port R76-29, Order No. 548, J~ly 1976.

7. Gazetas, George, "Random Vibration Analysis of Inelastic Multi-Degree­
of-Freedom Systems Subject~d to Earthquake ~round Motions," Super­
vised by Professor Erik H. Vanmarcke. M.I.T. Department of Civil
Engineering Research Report R76-39. Order No. 556, August 1976.

8. Hdviland, Richard W., Biggs, John M., and Ana~nostopoulos, Stavros
A., "Inelastic Response Specr.rum Design Procedures for Steel Frames,"
M. 1. T. Department of Civil Engineering Research Report R76-40, Order
No. 557, September 1976.

The project is supervised by Professors John M. Biggs and Erik H.
Vanmarcke (\f the Civil Engineering Depi:lrtr.lent. They have b·,'en assisted by
Dr. Stavro~ Anaqnostopo~los. A Research A~sociate in the DepartmEnt. Re­
search assista.,ts ,in addition to Dr. Gasparini, who contributed to the
work reported herein were Peter Arnold, Robert Frank, William Luyties, and

Richard Haviland.

Reproduced from
best available copy
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CHAPTER 1

INTRODUCTION AND SCOPE OF RESEARCH

1. 1 OBJECTIVES

The research reported herein is based on two broad objectives. The

first is the deve'opmen: of a methodology to compute probabilitie~ 0f ex­

ceedir.g specified perfe -mance parameters in a structure due to ~eismic

forces. The second is the canpariso·, of alternate methods of ~eismic

analysis and d~si9n by utilizing sucn a methodology.

This introduction seeks to 0utline the breadth of studies possible

within such broad objectives and hence define and p13ce in perspective tne

work reported in subsequent ch,wters.

1.2 SEISMIC SAFETY

It is clear that the term "seismic ~afety" may have a variety of

meanings which depend on the specific critical response of interest and

the perfonTIance criteria used. Further, to c,uantify "safety" several

approaches rllay. in practice, be used. This section attempts to classify

d~~initions and alternative approaches and to identify the specific ones

used throughout this study.

1.2.1 Definition of Safety and Critical Response Parameter

Elastic - Inelastic

Probability of failure computations require thdt a distribution

or moments (e.g_) mean and variance) of the critical load effect(s) be

obtained. For inelastic load effects (e.g., duc.tility L"lels) such sta-
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tistical descriptions can presently unly be arrived at through multiple

time history analyses. Such anal}ses, however, require extensive modf'l;ng

and computational efforts and are therefore i~practical. More useful

random vibration methodologies are only "ow being develcped for sheLr-beam

type dynamic models [32].

It appears that for the present, if derived load effect distributions

or moments are to be used, one is limited to defining failure in terms of

elastic criteria; that is, defining failure as exceeding random, 1imit­

elastic levels of peak accelerations, displacements, shears, moments, axial

forces, etc.

Individual Member - "Floor" Response

Load effects at the individual member level are generally not ob­

tained directl,! from dynamic analyses which utilize lumped mass mOl,e1s.

In a typical allalysis, a lumped mass model is first formulated, the corre­

sponding eigenvalue problem is solved, and the time history of each modal

response is calculated. A static problem must then be solved for each of

the modal deflected shap~s t~ ohtain n~rma1ized modal contributions to

edch member load effect. Only then may modal contribution~ be combined

either exactly or in an approximate fashion (SRSS).

A state-space random vibration formulation differs from the above

modal time history analysis only in that the time histories of modal RMS

responses are calculated (of course the form of the input is also differ­

ent.) A distribution of any response may then be obtained by an approxi­

mate first passage problem (see Chapter 2) solution, either at the member

or at the floor level.
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In surrmary, obtaining distributions of load effer:-ts fOI' indlvidual

members generally requires detailed static models, and static analysis

capabilities; i.e., capabilities e~ual to those of thp. program APPLE PIE

1~53]. Assuming a random vibration approach, and assuming dynamic model

~arameters as deterministic, a sequence of steps which may lead to dis-

tributions of member load effects is depicted in figure 1.1.

C STRUCTURAL MODEL INPUT

I

APPLE PIE TO DETERMINE:
NOITd na1 per i ods
Mode shapes
Participation factors
Static effects for each modal shape

I
EXCITATION INPUT PARAMETERS:

- Frequency content of ground acceleration
Dura ti on
: rtens i ty

I
RAN~OM VIBRATION TO DETERMINE:

Time history of modal RMS responses

I
APPLE PIE FOR: Superposition of modal RMS load effects

at the member level

I
FIRST PASSAGE PROBLEM TO:

Obtain approximate distributions of mem-
ber load effects

YES~INPUT PARAMETERS

Trw
FIGURE 1.1 - METHODOLOGY FOR OBTAINING DISTRIBUTIONS OF

ELASTIC LOAD EFFECTS AT THE MEMBER LEVEL
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CUinulat ive-Non-cumul at ive

Tang [76] and Vao [77], among others, have noted that low cycle

fatigue failures are possible during earthquakes. The implication is

that very large (inelastic) strains occur during the dyndmic response

of 5tructures. Typically, to assess probabilities of such failures,

a random process of strain is assumed~ the relationship between the earth­

quake load and the load effect (strain) is not e~plored in detail. Such

cumulative failure criteria are not explicitly considered herein.

~ultiple Correlated Earthquake Events

Multip1e e~rthquakes at a site may have correlated properties (fre­

ouency content, duration, intensity, etc.); hence Shinozuka [50], for one,

has stated that joint statistical distributions of such parameters are

to be considered if the safety of a structure in time ;s to be quantified.

McGui~c [42] recently examined three types of correlation amon~ earth­

qlJakes. correlation between records of motion made at the same site dur­

ing different earthquakes (site effect correlation); correlation between

records made at different sites during the same earthquake (source effect

correlation); and correlation between the two components of motion of the

same record (component correlation). His conclusions were that "succes-

sive observations of different earthquakes at the same site (for the

sites used in this study) can be assumed to be uncorrelated" although

source effect and component correlations were found significant.

As an approximation, then, the assumption is made herein that the

parameters which define the earthquake for the random vitration analysis,

i.e., frequency content, intensity and duration, are uncorrelated.
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load Combinations

It is recognized that earthquake loads occur or act simultaneously

with dead, live and perhaps even wind loads. Such loads should theoret­

ically be statistically described in space and time and combined to

define both loadin~ and resistanc~ [33]. It is assumed herein that

load effects at the "floor" level, e. g., interstory di stortions, are

caused solely by earthquake forces. Only to arrive at estimates of

story strength measures are nominal (or deterministic) values of dead

and live loads considered (see Chapter 3).

System Reliability

The thrust of the work here is not to develop system reliability

formulations, but rather marginal, modal reliabilities for dynamic sys­

tems. Chapter 4 does discuss in a limited sense the question: "What

is the probability that yielding will not occur anywhere in the struc­

ture?" No attempt is made there. however, to establish correlations

among modal strength measures or among modal safety margins [63].

Surrmary

Safety 1s herein defined in terms of elastic, non-cumulative failure

criteria at the dynamic model response level. It means not exceeding

random, limit-elastic responses (r Jtive displacemerot, accelerations) at

a s~ory in the structure. Such crite~ia may not be meaningful for ordinary
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civil structures; rather it is more consistent with ctesign anli perfonnance

criteria used for nllclear power plants.

1.2.2 Alternate formulations for Determ;niny Reliability

Second Moment - Full Distribution

To arrive at reliability assessments, perhaps the first choice to

be made is between a second moment reliability formulation and a full dis-

tribution approach. The former establishes bounds on reliability given

only second moments (e.g., means and variances) of random variables:

Venez;ano [62J has recently sUll1Ilarized the theory and maae contributions

to it. The full distribution apprQach seeks to define prob3bility distri-

butions for both random capacity and demand meaSL:res and to calculate

failure probabilities through evaluations of the convolution integral:

(1.1)

where FD(c) = Cumulative distribution function of demand (LOAD EFFECT)

fC(c) = Probability distribution func·ion of capacity (STRENGTH)

Statistical vs. Probabilistic Models

Statistical reliability models may generelly be defined as those

which include ~onsiderations of uncertainty in the distributions fC(c)

and fO(d) (and their parameters) to arrive at overall reliability estim­

ates. Conversely, probabilistic ~odels assume the distributions and

~heir parameters are "correct." It is intuitively apparent that the

available data regarding seismic risk. for example, do not exclusively
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support one probabilistic model or one set of parameters. Hence statis­

tical models for seismic risk are logical. Indeed. Venezial'o [65] has

recentlj quantified the effects of statistical uncertainty on reliability

estimates.

The approach followed herein is probabi :istic; however. sensitivity

to alternate capacity and demand distributions may be evaluated numeric­

ally for any one srruc~ure by repeated analyses.

Studies in Seismic Safety

Shinozuka [50] (1974) in a state-of-the-art paper has stated that

"much more work must be done before realistic safety assess~ents and assur­

ance can be made with the aid of the stochastic approach." Indeed research

in structural dynamics has focused on developing more det~iled ;ne~~stic

mod~ls to be used in conjunction with time history analyses in an effort

to gain understanding and control of inelastic behavior [12 J. In recogni­

tion of the uncertainty in earthquake excitation, generally multiple analyses

are recommended. Such studies are only tangential to reliability assess­

ments; authors more dire':tly concerned wit:, reliability have generally

assumed various probability distributions (and their parameters) for demand

and capacitj' and presented corresponding ranges in reliability e:;timates.

For example, Ferry-Borges [33] acsumed a type II (or a Type I) distribution

for seismic defNnd and a normal strength dlstribution to arrive at failure

probabil it?es as fun~tions of the factor of safety y* (defined as the ratio

between the lower 5% fractile of fc(c) and the upper 5% fractile of fO(d))

and of assumed coefficients of variation.
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Similarly. Newmark [44] assumed lognonnally distributed demand and

capacity measures. and focused on defining factors of safety (ratios of

median capacities to median demands) and coefficients of variation for

the distributions. Newmarks' methodoiogy as well as those of Veneziano

[65] and WASH 1400 [47] are discussed in Chapter 4.

1.2.3 Approach Followed Herein

Full distributions for both capacity and demand measures are used

herein. Chapter 2 is devoted to deriving. through a random vibration

methodolo~y. the analytical distrib~tion fO(d). U1certainties in both the

structural model and the forcir.g function are accounted for. although the

dynamic model is assumed linear and invariant in time. The distributions

derived are conditional on the intensity measure amax ' Chapter 3 derives

second moments of the resistance measures for a specific example and p,'~­

sents arguments for the use of alternate probability di~tributions. Chap­

ter 4 then. comput.es conditional feil'lre probabilities by means of Equa­

tion (1.1) and cor.bines such conditional probabilities with seismic risk

analyses (in terms of peak ground acceleration) to arrive at overall modal

reliabil ity estill'ates.

1.3 METHODS OF SEISMIC DESIGN AND ANALYSIS

1.3.1 Alternate Performance Criteria

It i!; r'~cognized herein that ordinary buildings are designed on

the basis of rruch different performance criteria than. say. nuclear power

plants. The performance of crit~ca1 systems in nuclear power phnts is
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deemed uncertain under gross inelastic structural behavior a~d nence

limit-elastic performance criteria are presently used [51] even for the

load effects due to the Safe Shutd~ln Earthquake [51]. On the other hand.

performance criteria for conventional building5, as promulgatea by the

UBC [69], SEACC [54], ATC [20]. or the Massachusetts Building Code, accept

that inelast"ic teha~ior will occur during a major earthquake and have as

their main objective prevention of collapse and major loss of life. As

such. inelastic analysis and design procedures should consistently be used.

Intense reseilrr,h efforts are currently aimed at developing <;uch procedures

[79,48,16]. but none are presently in use. Rather, elastic analyses are

generally usea with pseudo-static earthquake loads "ignificantiy smaller

than those expected to occur about once during the life cf the structure.

The intention herein is ~ot to coo:pare analysis and design methods

consistent with UBC performance criteria. but rather method:; cons~~te!1t

with NkC-like performance criteria.

1.3.2 Alternate Analysis and Design Methods

The implication of NRC-like performance criteria is that earthquake

dynamic analysis procedures. at least for the structure if not the under­

lying soil, are generally linearly elastic. Elastic analys's protedures

mdy, in turn. be classified as response spectrum, time history (real or

artificial motions). or random vibration mfthods. Chapter 5, then. classi­

fies alternatives within the three IlIl>thcds. explores their interrelation­

ships and compares their relative mprits in terms of the reliability of

corresponding designs.
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1.3.3 QL1~mk !'<;.>de:ls

Given a deterministic input, there remains uncertainty in the re­

sponse of a structure because of the mathematical model ing neces!>ary for

the dynamic. analysis. Generally how complex a model one chooses for anal­

ysis is d~termi~~d by weighing the reduction in uncertainty with the addi­

tional an~lytical C0StS. hodels may be two or three dimensional, use

lumped mi'sses or consistent mass finite elements, mayor may not include

the local;oil, ol·d be ~hear or nonlinear. Herein only linear t\llo-dimen­

sional lumped mass models are considered. They are widely used, and statis­

tical Ckl.d exists fegarding their accuracy in modeling actual obse;~ved

behavior. The two key d:,namic properties of such models, natural period

and damping, are consicLred random variables.

1 .4 Slt'MARY

Probability.·of·failure estimates are derived herein for limit-elastic

performance criteria. Chapter 2 develops a method to compute distribution

of re~ponses considering uncertainty in both the seismic input and the

dynamic model. Sensit~vity studies are reported regarding the effects of

random parameters on such load effect distributions. Chapter 3 examines

uncertainty in str~ngtn meaSUI"es and partially quantif'ies such uncertainty

for an example structure. Chapter 4 presents resultant probability of

failure estimates and quantifies their sensitivity to seismic risk assump­

tions, stre,lgth distributio,..s alld their ~arameters and the assumed design

damping value. Chapter 5 then evaluates alternative elastic seismic analy­

sis procedures utilizing the capabilities developed.
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CHAPTER 2

OBTAINING DISTRIBUTIONS OF ELASTIC SEISMIC LOAD EFFECTS

2.1 SOURCES OF UNCERTAINTY

Prediction of structural response requires mathematical models for

both the loading (excitation) and for the structure. Such models are

approximate, and hence the predicted responses are uncertain. A statis­

tical prediction of responses is, therefore, logical. Qualitatively,

one may separate the total response uncertainty: one component arising

from the structural model given a deterministic excitation and the other

arising from the uncertain excitation. Structural and excitation models

are interrelated in the sense that a structural model may dictate the

type of description given to the excitation ~nd vice versa. Mathemati­

cal analytical meth~ds further defin~ the scope of information required

for the two models. Alternative analfsis formulations and excitation

and structure mode1s must then be examined together.

2.2 ALTERNATE FORMULATIONS FOR OBTAINING LOAD EFFECTS

As mentioned in the introduction, alternate dynamic analysL fonnu­

lations can be generally classif"ied as random vibration, time h~story,

and response spectrum methods. No individual single analysis yields

distributions of responses which account for all the apparent uncertainty

in response. Multiple analyses must be performed unless some assumptio~

are made regarding the analytical form of the distribution of the response

and its parameters.
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It is evident that time history analyses require a )evel of infor­

mation regarding future earthquake motion which we can never hope to

achieve: i.e .• the ~xact details of the ground motions. Further. multi­

ple time history analyses (for MOOF systems) to arrive at load effect

distributions are ~mpracticai (expens~ve). One can. alternatively,

analyze a set of historical response spectra and r tain estimated proba­

bility distributions for individual re~ponse spectrum ordinates. With

this in mind. McGuire [43] computed directly m and m + a response spec­

trum ordinates using a seismic risk analysis methodology [24] and assumed

the ordinates to be lognonmally distributed. Subsequent response spec­

trum analyst!s give load effect levels and approximate a5sociated proba­

bilities of non-exceedance. They are only approximate because the com­

bination of, say. two or more m + cr wodal responses does not usually

imply that the total response will also be m + o. Moreover. one must

then further account for uncertainty in structural model ~rameters and

intensity measures of the motion.

Alternatively. if the earthquake is modeled as a random process

described by a power spectr'al density function (PSDF) [1 ] and a dura­

tion. random vibration methods may be used to predict load effects. Such

an~lyses yield distributions of peak responses which account for the

random phasing of possible motions. Generally. in a random vibration

analysis, the structural model as well as the ordinates of the PSDF and

the duration are assumed determlnistic. Given that all the above param­

eters are. in reality. non-deterministic for a site. distributions of

load effects o~t~ined through conventional random vibration methods do
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not represent the possible total uncertainty in behavior. Nonetheless.

the latter approach is believed to be the most rati0nal way to arrive

at load effect distributions. The singular disadvantage is that it is

presently applicable only to linear systems. Random vibration methods

are only now being developed for inelastic. multi-degree-of-freedom (MOOr)

shear-beam dynamic models [32].

Given th(> choice of :-and(Jl'l vibration as the analytical tool and the

associated (random process) model for the earthquake. there remain5 to

choose the type of dynamic model for the structure. It is apparent. how­

ever. that one is limited to considering linear elastic lumped mass

models. since statistics assessing their reliability and accuracy in pre­

dicting important observed dynamic structural properties are available

[34.22].

2.3 RANDOM VIBRATION

2.3.1 Alternate Formulations

The intent here is not to present in detail random vibration the-

ory. but simply to place in perspective the part;cula~ random vibration

formulation used and to clarify some of its major assumptions. To do

this. alternative formulations and assumptions will be briefly reviewed.

The three basic approaches associated with stationary random vibra­

tion are identified as follows:

1. Classical time domain approach
2. Frequency domain approach

3. State space approach.
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The time domain approach describes a random process by the mean

m(t) and the autocorrelation function B(tl ,t2) [1]. If these descrip­

tors are considered invariant with respect to a shift in the time axis,

the process is said to be stationary with mean m a"(j B(t1't2) =

B(t2-tl ). For a one-degree-of-freedom (1-DOF) system. the time domain

result relating stationary input X (earthquake random process) to sta­

tionary output Y (response random process) is [1 ]:

Byy (t2- t l ) = ff Bxxh l - T2)h(tl - Tl)h(t2-'2)d'l dT 2 (2-1)
_0>

where h(t) = impulse response function. It can be seen that the

double convolutien integral required to evaluate Byy (t2- t l ) makes such

a formulation difficult.

Alternatively. in the frequency domain. a random process is de­

scribed by the power spectral den~;ity function G(,I,) (the Fourier trans­

form of the autocorrelation funct~on [ 1 ]). The frequE'ncy dOll'ain result

analogous to that given by Equ,C'on (2-1) is:

(2-2)

where H(w) is the transfer function [1] of the system. Such a formu1a-

tion is simpler and hence more desirable to use than the time domain

result. Non-stationarity in the processes may be modeled uSlng the con­

cept of time dependent spectral density function, G(w.t) [7 ].

The state-space formulation [5] yields. as a direct result, the

evolution of the variance of the response process (for HOOF systems the
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evolutionary modal variance values may be computed and combined exactly

in time to obtain the tvta~ evolutionary response variance). A limita­

tion of such a formulation is that the excitation must be an uncorrelated

or white process [5]. One must therefore use "filters." for EXample. dlJg­

ment the dynamic model with a rough model for thE soil underlyir:g a struc­

ture. in order to obtain spectral density functions at the ~round level

which resemble those observed from real earthquakes.

2.3.2 Random Vibration Formulation Used

The random vibration methodology used here~n and specifically the

solution of the first passage problem are tr.ose described and developed

by Vanmarcke et al. [4. 7. 61] and summarized in Reference 64. It is a

frequency domain fonnulation. The input (grour,d acceleration) process

is assumed to have a zero mean with a time invariant or stationary spec­

tral density function. Non-stationarity in the response prOtess. Y. is

considered. Brierly, the time dependent Gy(w.t) (of a l-DOF relative

displacement response) is obt~ined by:

(2.3)

where H(w, t) ; s a time dependent transfer functior. [4].

The distribution of the maxl.l!I!m responses is obtained through an

approximate solution of the first passage problen. l2]. The solution uti­

lizes the first and second moments of the response spectral density

function (see section 2.4.1) and an additional spectral parameter which
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is a measure of the bandwidth of the frequency content (see E~uation (2.12).

The inherent assumption of the solution is that the excitation process

(earthqudke) is Gaussian and stationary for an equivalent strong motion

duration. 5'. The non-stationarity of the response is accounted for by

introducing the concept of an "equiv.llent stationary response" duration.

which is estimated from thf ratio of the response variance values at 5'/2

and 5' [64].

It must be noted that ground motion models whic~ account for the time

vdrying nature of the relative frequency content have also b~en proposed

[ 38]. However. static,nary models appear to be sufficiently accurate

for the purpose of seismic response prediction.

Accepting the described earthquake model and analysis procedure. then.

implies that the relative frequency content. i.e., G(w), its i~tensity, and

the strong motion duration 5' are the key input parameters. Statistics of

such parameters derived from historical earthquakes and the current state

of earthquake prediction, indicate that these parameters are. in fact,

random for anyone site.

Frequency Content

The relative frequency content of earthquake motion may be described

directly through randoo. G(w) ordinates or alternatively. through G(w~

given by an analytical expression having random coefficients. The simplest

relative frequency model for G(w) is band-limited white noise as sl:own in

Figure 2.1. with the intensity parameter Go and a maximum frequency com-

ponent in the motion corre~ponding to woo Computed G(w)'s for
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Got----------------.........

Wo
FIGURE 2.1 - BAND LIMITED WHITE NOISE

real earthquake5, however. do not support such a model. Alternately,

Kanai-Tajimi (K-T) [39] proposed the following form for the spectral

density function of ground acceleration during an earthquake:

(2.4)

Such an expression represents. in fact, the stationary frequency content

of the acce~erltion response of a l-DOF oscillator (having natural fre-

quency wg

It can be

a measure

and viscous damping ~g) when excited by white noise excitation.

noted that the two key parameters are w and ~ ; G is again
9 9 ()

of intensity. Adopting such a model. then. implies that the

variability in relative frequency content can be described by variability

in wg and ~.

The problem of de 4 ining the seismic input has now been cast into

one of providing (probabilistic) information on lUg' (,9' S' and Go' It

is considered in detail in the following section.
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2.4 PROBABILISTIC DESCRIPTIO~ Of EARTHQUAKE LOADING

2.4.1 Spectral Mome~~s

To understanJ how earthquake realizations may be used to obtain

st,·tistics for the parameters of the random process model. S(J'lle impor··

tant interpretations of the moments of the spectral density function must

be stated. These interpret3tions are sunrnarized by Varanarckc 114] and

are only briefly reviewed herein.

Moments of any PSDF G(~) may generally be definec JS

(2-5)

or. alternatively. by defining the normalized power spectral density

function as:

The moments become:

G*{w) = _.::..G.l...(w..L.)__

( G(w) GiJ

(2-6)

(2-7)

The integral over frequenr.y of G(w) equals the average total power, or

the variance 0 2 for processes wh:ch fluctuate about a zero mean value.

i.e. :

(2-8)
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*G (w) dw: 1 = (J 2 (2-9 )

A measure of where the spectral "~SS i5 concentrat~d along the frequency

ax;s is given by [74]:

(2-10)

The time domdin interpretatioll of the latter parameter is that, for Gaus­

sian processes, [74]

n = v 2no (2-11 )

where Vo is the mean rate of upcrossing5 of the zero level by the pro-

~.

A measure of the dispersion of the spectral density function abJut

its center freque~cy is [74]:

(2-12)

2.4.2 The Parameter (,g

~g controls the peakedness or, conversely, the dispersion of the

K-T G(w), hence it can be expected to be related to the parameter q. For

real earthquakes Sixsmith and Roesset [55] present statistics for q as

summarized in Table 2.1. It can be noted that q is fairly constant and

approximdte1y equal to 0.65. For ~implicity, then, one may assume that,

correspondingly, the variation of ~g is smr'~l and that its value may be
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n q

Band-Limited White ! Wo :: 0.58 0.5Noise Spectral Density

Kanai Taj imi Spectra 1
Density for W ~ W o ::4cat - 2.1 wg 0.67
and 11 :: 0.6 9

TABLE 2.1a - APPROXIMATE VALUES FOR PARAMETERS OF RELATIVE
FREQUENCY CONTENT

n q

(rad/sec)

El Centro 1940 NS 31.35 0.73
El Centro 1940 EW 25.51 0.64 I
Olympia N 10 W 36.07 0.65
Olympia N 80 E 30.85 0.62
Taft N 69 W 27.71 0.66
Taft S 21 W 27.46 0.64

TABLE 2.lb - SPECTRAL PARAMETERS COMPUTED FROM SQUARED
FOURIER AMPLITUDES If(w)1 2 of EARTHQUAKES

(Sixsmith and Roesset. 1970)
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assumed to be that which gives a q = 0.65 for the Kanai-Tajimi G(w). In

fact. qK-T '" 0.67 for 1';g = 0.6. In sllllllary. it is assumed that ~g may be

treated as a constant equal to 0.6.

2.4.3 The Parameter ~

For the K·T G(w) th~ parameter n, as defined by Equation (2-11) is

(2.13)

One may then. in the time domain. obtain statistics for the mean rate of

upcrossings of the zero level for a set of real earthquakes. and directly

interpret them as wg statistics for the assumed K-T G(w). For the set

of earthquakes listed in Table 2.2, Figure 2.2 shows the corres~onding

histogram ryf n values, the mean, Q , and the coefficient of variation.

*Figure 2.3 shows the variation of the Kanai-Tajimi G (w) with chang-

2.4.4 The Parameter 5'

To arrive at statistics of strong motion duratio~ 5' the 39 earth­

quakes listed in Table 2.2 were analyzed as follows. The integral

a measure of the evolution of the total power of the motion, was computed

and plotted for each of the motions. Figure 2.4 shows a typical result­

ant plot. The region of rapid, 1inear growth of the integral was visu­

ally chosen to be the "strong motion duration" of the earthquake.
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Earthquake Name Max. Acceleration No. of Points
Number in fn/sec 2 t.t = 0.02 sec.

1 N08E VERNON 33 52.930 1505
2 S82E VERNON 33 74.227 1507
3 N S I:L CENTRO 34 101.400 1516
4 E W~L CENTRO 34 70.136 1252
5 N45f FERNDALE 38 62. t:roO 998
6 S45E FERNDAlE ::S8 36.477 998
7 N S EL CENTRO 40 112.866 1457
8 E WEL CENTRO 40 82.797 1490
9 S WSTA BARBARA 41 91.250 998

10 NWSTA BARBARA 41 93.566 998
11 N45E FERNDALE 41 44.158 998
'? 545E FERNDALE 41 47.212 997,..
13 N89W HOLLISTER 49 87.643 998
14 SOlW HOLLISTER 49 50.836 998
15 S44W FERNDALE 51 47.650 998
hi N46W FERNDAL E 51 45.779 999
17 569E TAFT 52 60.602 1497
18 N21 E TAFT 52 68.393 3032
19 N79E EUREKA 54 101.672 998
20 511 E EUREKA 54 68.476 998
21 N46W FERNDALE 54 76.917 994
22 544W FERNDALE 54 62.339 999
23 N S PORTHUENEME 57 58.015 267
24 E WPORTHUENEME 57 33.551 266
25 N10E GOLDEN GATE 57 40.800 631
26 S80E GOLDEN GATE 49.641 662
27 N 5 NIIGI\TA 64 51.994 1875
28 E WNIIGATA 64 60.411 1890
29 N65E PARKFIELD-2 66 189.294 933
30 N85E PARKFIELD-5 66 166.674 916
31 N5W PARKFI ELD-5 66 154.245 775
32 N50E PARKFIELD-8 66 98.546 919
33 N40W PARKFIfLD-8 66 93.759 928
34 N50E PARKFIELD-12 66 22.503 6ga
35 N40W PARKFIlLD-12 66 27.213 529
36 S25W TEMBLOR 66 154.708 503
37 N65W TEMBLOR 66 103.641 495
38 TRAN KOYNA-SAINI 67 163.500 555
39 LOHG KOYNA-SAINI 67 223.546 533

TABLE 2.2 - 39 REAL EARTHQUAKE RECORDS
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Figure 2.5 shows the resultant histogram for S'. w·th mS' 8.0 sec. and

Vs I = 0.76.

The procedure used is essentially that of Trifll"'iC and Brady [66]

who defined the strong motion duratj~ as the fraction of the total dura­

tion necessary for the integl'al to evolve frOOl 5% to 95% of its ultimate

value. With a data set of 363 horizontal components of records associ­

ated with Modified Mercalli Intensities (MMI) ranging frnm V to VIII.

they reported mS' = 21 sec. and VS' ~ 0.55. Hence their mean strong

motion duration is signifh.d::tly higher than that 0btained herein; indeed.

it is higher than the mean of the total durations (mS ~ 20.8 sec.) of the

parthquakes in Table 2.2. Such differences indicate the level of sta-

t is tica 1 or II induc tive" uncerta inty rti5] which ex ists wi th an as~umed

probabil ity mode 1 and its pa rameters.

2.4.5 Model Uncertainty and Correlations ~ong Parameters

The above assumptions that ~g is deterministic and that wg and 5'

may be described by distributions estimated from the statistics of an

arbitrary set of earthquakes. provide sufficient information to model

the character of the seismic input and arrive at distributions of re­

spon~es conditional on actual intensity of the motion. Three general

immediate questions arise. What is the statistical uncertainty in both

the probability distr'ibution models and their parameters for a given site?

Are wand 5' correlated. thus requiring estimates of their jointg

bility distribution? Are wg and S' correlated to the intensity of

motion?

proba­

the
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Regarding the first question, and the customary assumption of

neglecting uncertainties in both the model and in the parameters as

~econ -order variations. Veneziano [65] has stated:

"The arbitrariness of this asslIIlption discredits
the claim that a probabilistic approach to safety is
more rational than a non-probabil istic approach. II

Indeed the arbitrary set of earthquakes of Table 2.2 was chosen

for a site where no information exists to definitely exclude any type

of mction. For ary one site, available geophysical information and pre-

dictions could be examined by experts or groups of experts to select an

"appropriate" subset of real izable earthquakes cnosen from a large popu­

lation of recorded earthquakes. Bayesian techniques [15] may subse­

quently be used to obtain d better distribution model and its parameters.

Even with such a proc~dure, significant statistical uncertainty

is likely. Veneziano [65] has developed theoretical methods to quantify

the effects of such uncertainty on seis",ic risk predictions and proba­

bility of failure assessments. Herein, numerical studies are performed

to show the sensitivity of load effect distributions and failure proba­

bilities to alternate assumptions regarding the distribution models and

their parameters.

Regarding the second question, the dependence of 5' on intensity,

site classification, mcgnitude, and epicentral distance has most recently

been examined by Trifunac and Brady [66]. Their findings, based on a

set of 106 Western earthquakes, may be summarized as follows. Mean

durations decrease with increasing MMI. Mean durations of strong ground

motion are about twice as long on "soft" alluvium as on "hard" base rock.
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No "simple and obvious" trend with distance or magnitude is apparent

to the authors, although they nonetheless stipulate a lin&ar predictive

equation, perform a regression analysis, and state:

"For each magnitude uni t the (accel eration) dura ti on
increases by 2 (sec) .... while for every 10 km. of
distance it increases by c:bout 1 to 1.5 sec."

The intensHy of large magnitude earthquakes, b:>wever, decays more

rapidly with distance [14]. This phenomenon is related to the inelastic

behavior of rock and soil at high strain levels [14].

The dependence of ~ on the above parameters has not been quanti­

fied. Qualitatively, it is known [66] that high frequency components

decay most rapidly with epicentral distance, therefore Q may be expected

to decrease wi:h distance. Also, it has been observed [14J that spec-

tral composition shifts to the long period end of the spectrum with in-

crease in magnitude.

Such trends may imply some degree of correlation between nand S',

but certainly do not definitely exclude the assumption of in~ependence.

For the specific 39 earthquakes considered herein, the scattergram of

Figure 2.6 also indicates no clear correlation.

Similarly, a correlation of either Q or S' with the intensity

measure amax has not been established. Figure l.7a.b, scattergrams of

~1 vs. a and S I vs. a for the 39 earthquakes, show no clear trend.max max
It must be noted that stationary random vibration theory and fil'st pass-

age problem solutions do. in fact, predict dependence of amax (assuming

that it is a peak statistic of a stationary randOOl process) on the scrJare

root of the logarithm of the product GS' (see Equation 2.16). Such
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predicted amax values, however, grossly underestimate amax observed in

earthquakes having corresponding ~ and 5' values.

In summary, the simplest assumptions can initially be made, i.e.,

no correlation between nand S' and no intensity dependence of their dis­

tribution.

2.4.6 Intensity Parameter

Having defined the relative frequency cOt.tent and duration of

the random process model of the earthquake, there remains to quantify

its intensity. It is clear that geophysical models which directly pre­

dict Fourier amplitude spectra or G(w) ordinates for a strong motion

earthquake at a site are ideally 5uited to be used in conjunction with

random vibration analysis. Indeed, much research has focused on this

problem [ 8,21,52]. Berri 11, for ont;, nas recently formulated such a

model using the 1971 San Fernando earthquake as his data base. The

method uses a simple two-parameter source model to estimate the source

excitation strength in terms of Fourier amplitudes and then uses an am­

plitude decay expression and scatter statistics to obtain Fourier arr,pli­

tudes of ground acceleration at a site. For the San Fernando earthquake,

agreement was found between model prediction and independent observa­

tions of If(w)1 to within a factor of two or three [8]. Ordinarily,

!'lowe\,er, site ground motion is not predicted in terms of either G{w)

~:dinates or If(w)1 spectra.

Another intensity parameter which may be directly r~lated to G(w)

ordinates is the variance or mean square value of ground acceleration,

shce:
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(2.15 )

Again, seismic risk analyses are not customal'i1y perfonned for such an

intensity parameter. Trifunac and Brady r.66], however, have begun to

consider correlations between such a parameter and Modified Merca11i

Intensity, Richter Magnitude and source distance.

The most commonly used intensity parameter is peak ground accelera­

tion amax ' The merits of such an intensity parameter for describing

system perfonnance teve been considered before and will not be discussed

herein. From a random process viewpoint, prediction of such 3 quantity

is indeed difficult. It requires consideration of the first passage

problem [ 2,60]. Existing solutions for the pr'ob1em generally asslIIle

(or are applicable for) Gaussian, stationary and white processes. The

latter two assumptions are clearly not applicable to the earthquake case,

and hence a suitable solution relating amax and, for example, 0a does not

exist. If one applies the solution which is used to predict peak values

of structural response (as u~ed herpin and given in [64]) the predicted

~edian peak acceleration is expreSSed as:

a = V2 in (rlS I • 2.8)
max °a 2n (2.16)

Such a relationship. however. if used to arrive at 0a and G(w) ordinates

from'max' overestimates intensities significantly: i.e., the resultant

distributio~s of load effects from random vibration analyses have sig~if­

icantly higher means than those obtained through multiple time histor)
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analyses utilizing real earthquakes normalized to the same peak accel-

eration.

There remains then to assume a prohabilistic model (based on ob­

served statistics)for the relationship between amax and ad' What has

been done is as follows. A time domain estimate for the variance of the

motion was calculated by:

'2

O~ =st J i (t)dt
'1

for the set of earthquakes given in Table 2.t.
I

stal't and end of the strong motion duration S .

were subsequently computed and Figure 2.8 shows

(2.17)

Tl and 1 2 define the

The (39) a a lOa ratios
III x

the corresponding histogram.

The ratio has, in fact, much larger values than those predicted

by random vibration. The implication is that for real earthquakes, the

peak ground acceleration is a result of transient bursts of

high ground intensity. The histogram of Figure 2.8 is subsequently used

to estimate probabilistically the motion intensity parameter aa (and

hence ordinates of G(w))given a peak ground acceleration. This format

then allows conventior,al seismic risk infonnation on acceleration to be

used to define the "total" earthquake threat at the site. A more de­

tailed explanation of the entire procedure will be giver. in Chapter 4.

The previous section presented a method to arrive at a probabil­

istic description of the seismic loading. As described in the introduc­

tion, the other mair source of uncertainty which affects the likely load

effect distribution is the modeling of the structure. The following sec­

tions summarize alternatives available to account for such uncertainty

and describe t~e actual methodology used.
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2.5 PROBABILISTIC MODEL OF STRUCTURE

The introduction sUlPllarized the type (If m(;cels which are generally

used for dynamic analyses of structures. It is roted th~rc that by far

the most common are elastic lumped mass models and that a data base exists

for evaluatinn their reliability. The focus will then be on them. In

essence sud: n,odels are mathematically described (for input to random

vibration analyo;is) by natural periods Ti' modal damping values l;i' modal

shapes and modal participation factors f i . The use of empirical formulae

to determine Ti and assumed mode shapes is excluded; therefore we are con­

cerned with model parameters derived from an eigenvalue problem solution.

The above parameters, Ti , C,i' and f i • arl 111 random, given the Ulocer-­

tainty in the factols which determine their value, i.e., mass, stiffness,

energy absorption characteristics, etc. The most important parameters

which influence structural response are, in fact, Ti and ~i; therefore

an initial assumption will b~ made herein that treating only the latter

two probabilistically will adequately represent the ~ncertainty arising

from the structural model. For Ti (as well as for mode shapes and par­

ticipation factors). it appears that a logical way to quantify uncertainty

is to utilize a random eigenvalue solution [35]~ i.e .• input second moment

(m."~ statistics for the stiffnesses and masses and coopute second mom­

ents of the properties of the dynamic model. The drawback of the method­

ology is the amount of data which is required for the analysis (also it

gives no information on r;; ).

Alternately, statistics assessing the reliability and accuracy of

deterministic eigenvalue solutions and Ci assumptions may be used. Exten-
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sive data evaluation and analysis by Haviland [34] was. in fact. per-

formed for providing such statistics. His work and its limitations are

sLl'llllari zed next fOl' both Ti and r;i'

2.5.1 The Parameter Ti

First. it Inust be noted that a sufficient data set of period ob­

servations exists only for the fundamental period of structures. There­

fore. the necessary assumption is made that all other modal periods have

the same uncertainty and are perfectly (statistically) dependent on the

fundamental mode period. Secondly, most period observations are for struc­

tures designed by UBC-like design criteria. which allow inelastic action

during a large earthquake. Our design failure criteria, as discussed in

Chapter 3. resemble those of the NRC; hence an additional assumption must

be made that the statistics are equally applicable to both design criteria

or philosophies.

Within the above restrictions. Haviland [~41 considered several im­

portant points regarding period determination. He quantified the motion­

intensity dependence of periods as well as the permanent variation of per­

iod in the pre- • during- and post-earthquake stages of a structure's life.

Clearly such effects may be mostly explained by inelasti~ behavior of the

structure and hence. given our severe limitation of considering elastic

behavior only. they will not be considered herein. Of primary interest for

our purposes are histograms of TOBSERVED/TCOMPUTED (To/Tc),where Tc is ob­

tained using an eigenvalue solution. Figure 2.9 is such a histogram derived

by Haviland [34] for small amplitude (nuclear blasts. eccentric mass exci­

tation. lnan-induced. wind-induced or ambient vibration) motion.
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Statistics for this ratio for small amplitude motion. large ampli­

tude motion and for the combined data set are given in Table 2.3a.b.

Histograms similar to Figure 2.9 give a direct estimate of the re­

liability of the eigenvalue prediction. Both the histogram and the de­

tenninistic eigenvalue solution may tl;~n be used to quantify the uncer­

tainty in the period of the structure. A cautionary note is [34] that

models included 1~ the data ~et may have ~een biased in the sense that

the likely objective was to model the inelastic behavior of the building

during an earthquake.

2.5.2 The Parameter ~i

No accepted analytical method exists to predict (deterministically

or s+.oc\'1sti.;:;11.:d the medal damping values for a structure. Hence use

of the statistic~ of observed values of ~i as presented by Haviland [34]

is the only option available. Similar restrictions as those discussed

for period observations are applicable here for the data set of1';i values.

Table 2.4, taken from Haviland [34],is a valuable summary of the

statistics of histograms of observed ~i values for several categories of

motion and structural material type. Figure 2.10 is the histogra'l of

values whi~h is most pertinent under the assumption of elastic behavior.

2.5.3 Correlations among Parameters and Model Uncertainty

The three questions raised regarding the ground motion parameters

(see section 2.4.5) must also be raised for the parameters Ti and ~i'

What is the statistical uncertainty in both the dis~ribution models and
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their parameters? Are Ti and ~i correlated, given amax? Are Ti and ~i

correlated with the intensity of the motion?

Again, (as for wg and 5') uncertainty in the ~i If'1d TaITe probabil­

istic models and their parameters will be examined numerically herein.

That is, computed load effect distributions will be obtained for diff~r-

ent probabilistic models and variations in their moments will be noted.

Haviland [34] addressed the questions of correlation between Ti and

~1' In f~ct, after plotting several scattergrams of Ti vs. ~i' no evi­

dent correlation trend was found. There was, however, the singular ten-

de~cy of very tall steel buildings to be associated with small damping

values. Herein the assumption of independence is initially made.

As noted previously, periods generally lengthen with increasing in­

tensity, a~d damping values become larger. The former fact will be

assumed to be mostly a result of inelastic action, and hence assumed negli­

gible in the linear elastic range. The latter trend, however, is recog­

nized to occur even within the linear range. Notably, the NRC Regulatory

Guide 1.61 allows for two different assumptions of damping values depend-

ing on whether the structure is performing "below 1/2 yield" or "at or

near yield." Obtaining one condi t ional (on il,t:ensity) load effect distri­

bution and then scaling it by an entire range of intensities (predicted,

say, by seismic risk analyses on acceleration) ignores such dependence.

Using the "small amplitude" ~ distribution to predict load effects due

to earthquakes close to the design earthquake likely introduces signif­

icant conservatism. Again, the relative i~portance of this effect (basic­

ally a shift in the mean value of ~i) may and will be stlldied numerically

by sensitivity analyses using the overall methodology developed herein.



58

SUlTIllary

The probabilistic model of the earthquake excitation has two random

parameters ug and S' and an intensity derived from a seismic risk analy­

sis on acceleration. The probabilistic model of the structure treats Ti
and ~i (and similarly all other periods and damping values)as random.

The assumption of independence among the parameters and independence of

each of the parameters from intensity (~the linear elastic range) is

initially made.

2.6 PROGRAMMED PROCEDURES

The ba5ic steps lmplemented in a computer program to compute load

effect distributions are as follows:

1) Read appropriate data.
2) Perform multiple random vibration analyses using normalized

(0 =1.0) K-T G(w) for all discrete combinations of parameters
a wg ' S'. TolTc' 1;;.

3) Derive response distributions unconditional on parameters
wg' S', To'Tc ' 1;;, but conditional on aa = 1.0.

4) Derive response distributions conditional on amax by incorporat­
ing probabilistic amax to 0a relationship.

A brief explanation of each step follows.

2.6.1 Data

For purposes of arriving at conditional (on amax ) load effect dis­

tributions, the data required may be grouped as follows.

Seismic Loading - Probabilistic descriptions of wg' S' and amax/oa must

be given. Second moments may be given and the probability model specified
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(normal. lognormal) together with the desired discrete values of the

parameter. The model is then discretized and appropriate probabilities

are assigned at each of the desired va1ues. Alternatively, discrete

probability mass functions may be read in directly.

Dynamic Model - Deterministic values of periods, participation factors.

and mode shapes of the structural model must first be specified. Proba­

bilistic models for ~ and T /T are then specified as for wg and 5'.
o c

2.6.2 Multiple Random Vibration Analyses

As stated previously. the programmed analysis procedures are for

the random vibration formulation described and developed by Vanmarcke [64].

The specific rOutines were initially implemented by Arnold ~8]. although

important modifications have been implemented. It is to be noted that a

random vibration analysis is done for each discrete combination of param-

eters wg' S'. TolTc and s;. Having made the assumption of independence.

the probability of each par~meter combination is given by:

(2-l8)

The number of combinations is the product of the number of values in each

of the discretized parameter distributions. i.e.,

NUMBER OF COMBINATIONS NZETA * NS * NWG * NTOTC
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Each of the analyses is performed utilizing a nonmali!ed (i.e .• having

a unit variance) K-T spectral density function. A set of cumulative

distributions for a desired load effect (acceleration, re1ati~e displace­

ment or interstory distortion) results for each point of interest in the

model. Each distribution is defined by a set of previously specified

probabilities of non-exceedance. Figure 2.11 represents the resultant

output.

2.6.3 Remove Conditionality op Parameters

To remove the conditionality on a parameter combination. it ;s

necessary to define a new range of response values. What has been dor.~

;s as follows. The weighted (by the probability of occurrence of that

parameter comblnation) median and extreme values of the set of distribu­

tions are computed. Intermediate values are then chosen (the vector of

values and their corresponding probabilities of non-exceedance are aug­

mented to better define the cumulative distribution) and their corre-

sponding probabilities of non-exceedance are calculated. That is, com-

putations of the form given by Equation 2.20 are carried out. YNO repre­

sents, in generai. a normalized response value.

P[YN < YNO]; L P(Y N ~ Y~iO Ie] P [c]
, All I c I 11 (2.20)

The resultant distribution for each point of interest remains conditional

on an excitation randoo process having a unit variance.



Q
I

U c: to "
0 IV Q
I

U )
(

Q
I

C o -- ..... o ~ .... -­.... .D to ~ f 0
..

-
-
-
r I

-
_

._
-
+

C
um

ul
at

iv
e

D
is

tr
ib

ut
io

ns
~
f

R
e
s
~
o
n
s
e
s
.

O
ne

fo
r

Ea
ch

P
a
~
a
m
e
t
e
r

C
om

bi
na

tio
n

at
Ea

:h
P

oi
nt

of
In

te
re

st
-
-
~
~

I
T

~-
-
~
-
-
-
-
-
-
-
I

I I

C7
'l ...

R
e
s
~
o
n
s
e

Pa
ra

m
et

er
~
I
G
U
R
E

2.
11

-
TY

PI
CA

L
OU

7P
U

T
rR

OM
A

SE
T

O
~

RA
ND

OM
/IB

RA
TI

ON
AN

AL
YS

ES
U
S
I
N
~

AI
T
E
~
N
A
T
E

EA
RT

HQ
UA

KE
A~
jD

D
Y
N
~
:
I
C

MO
DE

L
P
A
R
~
~
E
T
E
R
S



62

2.6.4 Change Conditionality on Unit Variance to Conditionality on a" max

Having an array of YNO value~ dnd their associated probabilities,

a new response array conditional on another value of 0a is:

r n

defining

then

and

Yo = YNO * aa

P[Y , Y Ia ] = P[Y , y Ia ,r ']
o a 0 max

(2.21)

(2.22)

(2.23)

(2.24)

A procedure similar to that described in secti(j~' 2,6.3 is, there­

fore, followed. Given an a • a set of distributions of Y results formax - 0

all values of r', since each amax/r' defines a 0a' A new array of re-

sponse values must then be defined as in section 2.6.3 and. using Equa-

tion (2.24). corresponding probabilities of non-exceedance computed.

The expressior. (2.24) above then yields the desired distributions

of responses which can. in turn, be combined with seismic risk analyses

to obtain overall re$ponse distributions. The latter may be used (in

conjunction with strength distrinutions) in a reliability analysis to

obtain estimates of probability of failure. Chapter 4 will directly

concern itself with such evaluations. At the present, effects of uncer-

tainty in the ~g' 5'. ~. TolTc models and their parameters on the condi­

tional load effect distributions may be evaluated. First, however, it

is important to relate distributions obtained by the methodology described

to those obtained through multiple. conventional time history analyses.
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2.7 COMPUTED LOAD EFF~CT DISTRIBUTIONS

For purposes of comparison, the models described in Table 2.5 will

be used. They are the same as those used in Reference [72], and they

have be~n chosen because multiple time history analyses with the set of

earthquakes shown in Table 2.2 were perfonmed for those structures. All

the earthquakes were nonmalized to a peak ground acceleration equal to

0.3g, and detenministic models were used with modal damring ~i = 0.02 in

all the modes. For comparison purposes, then, the random vibration anal­

ysis described herein was used with the wg and 5' distribution moments

derived from the 39 earthquakes, and shown in Table 2.6. Both parameters

were assumed to De lognonmal1y distributed. For purposes of analysis,

the distributions were subsequently discretized.

1 S' - Sec.wg sec

m 12. 8.

COV 0.5 0.75

TABLE 2.6 - MOMENTS OF wg AND S' DISTRIBUTIONS

The parameters TolTc and s were considered deterministic and equal

to, respectively, 1.0 and 0.02. Figures 2.12 through 2.19 compare distri­

butions of the first and fourth floor inters tory distortion and accelera-

tion responses obtained by the two methods for the two structures. Fur­

ther, Table 2.7 summarizes the moments of the resultant distributions.

The table typifies the accuracy of the proposed met~odology. Mean values

match most closely. Agreement in the mean may be expected to be tetter

for shorter period structures whose resp~nses for a given excitation dura-
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tion approach stationarity (because of the larger number of cycles of

response). Matches in coefficients of variation and of skewness are less

accurat~, although the limited statistical data base (39 res~unses) may

itself lead to only approximate computed values for these two moments. It may

further be expected that the coefficient of variation and the coefficient of

.. ;·ewness from the random vibration as well as the response spectrum

methodology would be equal for the fourth story acceleration and inter-

story distortion responses. In fact, both methodologies compute spectral

(or pseudo) acceleration values. That is, for the root-mean-square modal

values. it 1s assumed in the random vibration procedure that

0 2 = w.. * (12k,Acc. k k, Re1. Disp1. (2.25)

where k denotes a particular mode. Further. the approximate random vibra-

tion formulations to obtain distributions of peak values are different

for the interstory distortion and for the acceleration responses [64].

Both of these approximations account for the o~served discrepancies in

the moments.

It is to be noted that all the load effect distributions are posi­

tiveiy skewed (with positive values only), hence an assumption of a log­

normal type of distribution is often made. Figures 2.20 and 2.21 are

plots (on normal probability paper) of the logarithms of the 1st flool

acceleration and 4th floor interstory distortion response values for the

model having Tl = 0.377 sec. A straight line would corroborate the 109­

nonna1 distribution assumption. It may be observed that. at the higher
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fraetiles. which are of most interest in reliability calculations. devia­

tion from linearity is small.

2.8 EFFECTS OF RANDOM PARAMETERS ON MOMENTS OF CONDITIONAL LOAD EFFECT
DISTRIBUTIONS

It is pertinent to attempt to quantify the relative importance of

each of the assumed random parameters (~.Wg' $'. To/Te) in determining

load effect distributions and their moments. Similarly.;t is important

to quantify the effects of uncertainty in the mom~nts of the random param-

eter distrihutions on response values. Both points will be addressed in

this section. It must be recognized, however. that the effects will

clearly be different. depending on the type of load effect considered

and the nominal value of the fundamental period of the structure. For

example. given that a structure's fundamental period is in the constant

acceleration range of tne response spectrum. it can be anticipated that

period uncertainty will have little effect on the distribution of the

acceleration response. By examining variations i~ distribution moments

for both the structural models described by Table 2.5. th~~e points will

become evident.

Consider th~ following studies: The coefficient of variation of each

of the parameters is varied, in turn. while:

1. Assuming the other parameters as deterministic at their mean
values.

2. Assuming the other parameters random with best estimates of
their distributions.
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The following argument is made to interpret the above procedure~.

From a second~oment formulation [62]. the total variance of the condi­

tional response may be expressed as (see section 2.9 for a more complete

explanation) .

0 2 - 0 2
Response - Random Phasing &+

anID" 0 a Randomness
f

i =1
(2.26)

where ~ represents anyone of the four random parameters. Da ta from

study 1 above can isolate the individual contributions in the summation.

These may. in turn. bp used to predict the response Y~riance for any

~ of parameters considered random. Hence variances resulting from

study 2 may be used to compare with (and evaluate) the second moment pre­

dictions. Actual numerical results will be given later in this section.

2.8.1 All Parameters Except One Deterministic at Their Mean Values

Figures 2.22 to 2.25 show variations in the moments (,". COV, CaS)

of the distributions of the following responses:

a) 1st story distortion
b) 1st story spectral (pseudo) acceleration
c) 4th story distortion
d) 4th floor spectral (pseudo) acceleration

Figures 2.22 and 2.23 are for the Tl = .377 model; Figures 2.24 and

2.25 refer to the Tl = 1.13 model. The variations are with respect to

t;he basic case where the four parameters wg ' S', r;. TolTe are considered

deterministic at their mean values. In this study. each one of the param-

eters is, in turn. allowed to be lognormally distributed with best estim­

ates of the moments (m. COV) as per Table 2.8 (see also Figures 2.2. 2.5,

2.9 and 2.1 O).
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m COy

1; .02 .75

T IT .85 .33o c --
tl'g 12 1/SEC .5

S' 8 SEC .75

TABLE 2.8 - MOMENTS OF LOGNORMAL DISTRIBUTIONS O~ PARAMETERS

~, To/Tc' Wg and S'

Interpretation of Results - !l = .377 Sec. Hodel, Fh'st Story Distortion.
Figure 2.22

Generally, it can be seen that the wean has least variability of all

the moments with values generally from 90~ to 110% of the base value.

For each of the parameters the following additional observations are made.

I

~ - The mean decreases as S' is made random because at S = 8 Sec.(A bar

indicates rr.~an value}the response may be close to stationary; therefore

higher durations do not cause significantly higher responses, whereas

lower" S' values may imply non-stationary or lower response values. It is

apparent that the relative magnitude of 5' with respect to the nominal

fundamental period of the structure is significant in determining whether

the mean response will increase or decrease. Since for the T1 = 0.377 Sec.

model the effect of a random S' is mainly to increa~L the likelihood of

lower responses, it is seen that, correspondingly, the coefficient of

skewness also decrea~es.
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~ - Introduc i ng a probab i1 is tic mode1 for wg a1so decreases the mean

load effect. Again, the relative position of the mean, wg' with respect

to the period of the structure i's likely to control such an effect. [n

this case wg = 12 1/Sec.or f g ::= .52 Sec. is close to the fundamental

period of the structure, T1 = 0.377 Sec.; hence, by assigning zero proba­

bilities to other wg values, we are conservatively assuming that the

earthquake will have the most power in the region where it is most effect-

ive, i.e., near the natur~l period of the structure.

TolTc - The coefficient of variation, as expected, increases as any param­

eter is m<de random, and notably the greatest increase is from the TolTc
randomness. Considering that 0.377 Sec. lies in the "constant acce1e"'a­

tio portion of the response spectrum, it becomes clear that a change in

T1 affects the relative disp1acenent (or inters tory distortion for the

first story) respon~e the most.

~ - All m~nents increase as this parameter is made random. Since response

is a nonlinear functior. of ~, lower ~ values cause extremely high respon-

ses wh"ich increase the positive skewness of the distribution.

Interpretation of Kesu1ts - T1 = 0.377 Se; .. First Floor Spectral Accelera­

tion and First Story Distortion, Fi9ure 2.22

A coonan first-passage problem solution is used to obtain distribu­

tions for both spectral-acceleration and relative displacement responses

once the root-mean-square values have been computed. Thus the coefficient of

variation anG coefficientOf skewness ofthebase distributions, i.e .• those
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obtained considering all the parameters deterministic, are common for the

two responses. Similarly, if one mode dominates root~nean-square respons~s

and TolTc is deterministic, the effects (on the COV's and the COS's) of

making wg and S' random should be similar for both acceleration and rela­

tive displacement responses. In fact, for this structure such similar vari-

ations may be observed for the two responses. The parameter TaiTe' which

is partly a reflection of the uncertainty in stiffness and mass, causes

markedly different effects on acceleration and relative displacement re-

sponses. This, again, nlay best be interpreted by recognizing that the

fundamental period of the structure lies in the constant acceleration

range of response spectra.

Interpretation of Results - Tl~377 Sec., Fourth Story Distortion,
Floor Spectral Acceleration. Figure 2.23

Given a deterministic model with no d~m~in9, it can be expected

that these two response values have the same moments. This is true since

for the close-coupled, lumped-mass model being considered, force equilibri­

um requires that the top floor acceleration be directly proportional to

the interstory distortion. Damping does exist, however, and two further

points are to be remembered. One is that spectral acceleration rather

than actual peak acceleration is being computed. The other is that the

random vibration solution superposes modal root-mean-square response

values in an SRSS fashion and subsequently uses diffprent approximate

first passage problem solutions to arrive at distributions of interstory

distortion and acceleration. Given the above approximations, exact



agreement is not expected. In fact. the base values of the moments and

their varldtions are slightly different.

Given a non-deterministic model (i.e., T IT ,~random), the momentso c
of the two responses need not be the same since, in effect, the fourth

story mass, stiffness and damping, the quantities which link the two re­

sponses, are themselves random. Hence it is not unreasonable to find

that for ToIT, random the inters tory distortion has significantly higher

COY and COS in comparison with the fourth story spectral acceleratio~

response.

Interpretation of Results - T1
Figure 2.24.

1.13 Sec., First Story Distortion,

As for the T1 ; 3.77 Sec. model. the mean is relatively stable at

~ts base value. The base COy is significantly higher than that of the

.377 Sec. model. an expected result given conditionality of responses on

peak ground acceleration. The effects of the individual parameters may

be summarized as follows.

S' - For this structure, response at 5 = 8 Secs. is likely to be non-

stationary, hence increased durations do cause higher responses. Due to

these higher responses. the COS increases rather than decreases as for

the previous model.

~ - The intrease in all three moments is due to the fact that G(w)'s with

wg values closer to the fundamental period. say wg = 6 Rad/Sec. cause

g,"eater responses than the G(w) with wg = ~g ; 12 Rad/Sec. Understandably.

the effect is r!ppos~te that found for the T1 0.377 Sec. structure.
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T IT - In comparison with the previous model, the influence of this param­
~

eter is diminished. Both the mean and the COY are less affected, and the

resultant absolute value of the COS I! mucn smaller than that of th~ 0.377

Sec. s true ture.

s - The influences of s are similar, although of s~ewhat greater magni-

tude, to those found for the Tl = 0.377 Sec. model.

Interpretation of Results - Tl = 1.13 Sec., First Story Relative Displace­

ment and First Floor Spectral Acceleration. Figure 2.24

The notable observation to be made is that the wg parameter (as it

is made random) causes different effects on the moments of the relative

displacement and acceleration responses. rotwithstanding that a common

first passage solution is used to compute load effect distributions. The

implication is that the ratio of the total root-mean-square spectral accel­

eration response to the total root-mean-square relative displacement re­

sponse varies for different values of wg'

Interpretation of Results - Tl = 1.13 Sec., Fourth Story Distortion, Fourth

Floor Spectral Acceleration, Figure 2.25.

As discussed for the other model, equilibrium considerations indicate

that, for a deterministic structure with no da~, the moments of the top

story distortion and peak floor acceleration are the same. The differences

in moments of the two responses apparent 1n Figure 2.25 for the three per­
tinent cases (all parameters deterministic, only wg random, only 5' random)

are, again, due tu a combination of factors. One, modal root-mean-square



spectral acceleration (0 = w~ ~ 0
2

) is computed: two, modal root-k,a k k,Y
mean-square responses are combined in an approximate SRS5 format, and

three, two different approximate first passage solution~ are applied to

obtain distributions of responses.

2.8.2 All Parameters Random But One

Load effect distributions were first computed assuming all the

parameters to be random, lognormally distributed with estimated moments

given by Table 2.8. Then, 1n turn, each (one) parameter was made deter-

ministic. Figures 2.26 thrJugh 2.29 show the resultant variat~ons of the

moments of the ~istributions of the san,e four load effects considered in

the previous study. The primary purpose of these runs was to calculate

moments (specifically variances) which could be compared with those pre­

dicted by a second moment formulation. The data is otherwise difficult

to interpret in terms of the effects of individual parameters.

Qualitatively, of course, the COV and COS generally decreased and

the means remained stable. Variations in the ccmputed moments for the

basic cases, i.e., all parameters determi~inistic and all parameters ran-

dam, are summarized in Table 2.9.

2.9 APPROXIMATE SECOND MOMENT ANALYSIS

A second-moment random variable is, by definition. described by its

mean and variance. Ie is an incomplete description if the underlying

Probability density function (PDF) is other than Gaussian. A second-moment

analysis generally arrives at an ex~ression for the mean and variance of a
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All Parameters Determini s ti c All Paramp.ters --Random
Response Mean 2 Mean 2

in-in/sel: : COV COS in-in/sec COV COS
i

1st Story Dist. O. , 18 .27 .56 .0121 .78 , 1.93, . ........
4th Story Oist. .OO~4 .25 .52 .0047 .78 1.87.......

M I : ,
1st Floor Ace. 5.03 .27 .56 4.80 .50 1.20

II .
~ 4th Floor Ace. 13.1 .28 .54 11.8 .52 1.20....

1s t Story Dis t . .0608 43
f

.36 .0625 .74 1.83
M t
~

4th Story Dist. .0265 .J4 .36 .0268 .69 1. 73....
_~ . ,

" 1st Story Oist. 3.87 .43 .36 3.93 .58 1. 02. .....
4th Story Dist. 7.23 .49 .45 7.71 .65 1.23....

TABLE 2.9 - MOMENTS Of RESPONSE DISTRIBUTIONS

random variable of interest in terms of the means and var'iances of the random

variables it is functionally dependent on [52]. If the functional relation-

ship is other than linear. a linearization (by a Taylor expansion and first

order truncation) must first be made. The accuracy of the linearization

must clearly be checked before such an analysis may be used to estimate

moments.

Briefly, then, if a response variable V is, in general, a nonlinear

function of a vector of variables:

y = g(~)

a Taylor expansion and t~ncation give:

(2.27)

(~ - !!!) (2.28)

and the mean and variance of Yare given by:
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where

i s a row ma tr i x

~ = t~~~) I l
1 x=m

- -.J

(2.29)

(2-30 )

(2.31 )

and I =_x U .32)

is the covariance matrix.

Further, if the random variables are considered inde:endent,

Fquation (2.30) reduces to:

(2.33)

In this chapter, a response Y has bee~ expre~s~d in terms of four

random rarameters ~. ToITc' ~g' S'. It is recognized, however, that

additional u~,der:ying variability comes directly from the random phas,ng

of a motioll and the inr.l:rent uncertainty in the GCu} ~"tensity given a

peak acceleration. Hence, Equation (2.33) above may be expressed as;

2 _ 2

rJ V - 0 Random Pha::. i ng
and ama / o a

Uncerta i nty

It ~y I 1
2

+)....... I...,"
i';l ax,. I _~ Xl'X.- 1,1.

1 1

(2.34)



95

It is apparent then, that by considering all the paramete~s deter­

ministic, the uncertainty given by the first term remains. Also. by

assuming only one parameter at a time random. each term of the summation

may be isolated; study 1 in fact provides such infonnation.

As an example, data from Figures 2.22 and 2.24 is used to calculate

contributions to the variance of the first story distortion for both

dynamic models. Table 2.10 sUl1lllarizes the ~esu1ts; the relative impor­

tance of any parameter clearly depends on the nominal fundamental period.

Now. dati from Table 2.10 can be used to predict the variance of

the same response for any combination of parameters considered random.

Specifically, Taule 2.11 shows computed variances (from Figures 2.26 and

2.28) and those predicted by appropr'iate addition of contributions given

in Table 2.10. Also compared are the coefficients of variation.

2.10 SU~RV

As a first step toward computing re1iabi1ities in the sense de­

scribed in the introduction, this chapter presented a practical method

to compute conditional (on the intensity parameter amax ) load effect dis­

tributions. It essentially consists of weighted multiple random vibration

analyses using four key random parameters. ~.Wg' T/Te • 5· to quantify

the variability in elastic load effects. Some resultant distributions

were compared with those obtained through multiple time history analyses;

ucceptab1e agreement was noted. Limited studies to assess the relative

influence of each parameter on moments of load ef1ect distl"ibutions were

then conducte1. Finally, in an attempt to predict response variances



96

T1 = 0.377 T1 = 1.13

• 2 x Hf i n2
X 1061n

Random Phasing

and amax,u a 10.0 6.9

Uncertainty.

(_~.l)2 2 2.9 2.2
as'

oS'

(2..q2 02 4.3 3.2aW g IL g

(a&-)2crt IT 72.8 2.6
o C 0 C

•

(llt. )2 (J2 14.6 1.6
a~ l;;

TABLE 2.10 - CONTRIBUTIONS TO THE VARIANCE OF
THE FIRST STORY DISTORTION
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for an arbitrary combination of random and deterministic par~meters. a

second moment fonnulation was utilized.

It may be stated that the relative influen:es of the parameters

'Jg and SI ar~ very sensitive to the nominal perioll of the structure.

Therefore, if a second mCJl1ent format is to be useel to predict response

variances,~ets of infiuence coefficients must be computed, each applicable

in a narrow period range only.
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CHAPTER 3

OISTRIBG:ION OF STRENGTH MEASURE

3.1 UtITROPIIC II ON

A methodology to arrive dt load effect distributions at the member

l~vel was only briefly outlined Ln Figure 1.1. Chapter 2 focused on

develop;ng a methoo to arrive at dl~tributions of responses at the floor

or dynamic model leve1 for a general 'linear system defined by eigenvalues,

eigenvectors dnd particjpation factors. However, only close-coupled shear

beam models were used therein to i~lustrate t~e capabilities developed and

to perform parametric studies. [t i:; within the context of such models

that strength measures are discussed in this Chapter. Further, although

shear beam Plodels nave been adapted '-.0 represent the behavior of braced

fnmes, shear wall structures, and ;"filled frame buildings 129], they are

evid~ntly more applicable to rigid frame sys:ems. It is only for such

systems, then, that strength measures and their uncertainty will be exam­

ined.

It is noted that by considering floor level responses only, the dy­

namic analysis is simplified, but the strength measure ttecnmes more diffi­

cul~ to quantify analytically. Further, experimental data quantifying

strength at the floor level is not available. Conversely, reliable stud­

ies on strength at the member level [18,19,59] hnve been c1nducted, but

the analytical procedures to arrive at distributions of dyndmic load ef­

fects at ~hat level are more difficult and c0stly.

[t is known t~at strength uncertainty i5 a functio~ of the material

used, Qnd the level of inspection and control exercised durinq manufacture.
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As an example, concrete a~ a construction material may have to satisfy

a variety of acceptance criteria or performance specificaticns. depend-

ing on the design philosophy; concrete for NPP r~actors must meet much

more extensive requirements [81] that would ordirlilrily not be imposed.

Reference [51] notes:

"It should be understood structural components important to nuclear
safety require more stringent material. fabrication erection and
inspection controls. quality assurance and control requirements
than ~re required for conventional structures. Qualitat;vely such
proc!!d!Jres should result in a more reI iable structure ... "

The consequences of variable control requirements on strength uncer-

tilinty will not explicitly be addressed herein.

Furti)er, gross errors :n construction (e.g .• connection details)

fabrication or design may significantly affect the strength and the relia­

bil~ty of a structure. Veneziano [b~] points out that failures at very

small (earthquake) intensities are primarily due to such errors rather

than to the seismic load. Of course the knowledge that the system has

survived previously applied loads ensures truncation of the resistance

density at low intensity levels [65J. It is assumed herein that such

errors are precluded, and that only "normal" strength uncertainty resu'lt-

i ng from "nonna1" control is present.

In summary. this Chapter quantifies probabilistically floor level

strength measures us~d to nlodel the behavior of rigL frame structures

with 'ihea r-beam type mode1s. A deta il ed des i gn is presented to i 11 us tra te

the sources of "ncertainty and the level of assumpti;ms required.
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3.2 FRAME BEHAVIOR

A t.vpical building rigid frame is shown in Figure 3.1a . Assum_i!!9

shear, buckling, and axial failure modes have been preclud~d, it yer.erally

exhibits static interstory shedr vs. distortion behavio~ similar to that

depicted in Figure 3.1b.

The exact fonn of tne sh~ar distortion bphavior IS a function of the

relative strength and stiffness of ~he members aru the loading conditions,

i.e., pr"esence of gravity loads, distribution of lateral loads along

height, etc .. Pique [48] has quantified some of these df~pendencie~. for

4-story, lO-story and 16-story frames. His results will be referred to

herein.

3.3 SHEAR BEAM MODELS AND PARAMETERS

As a first approximation, the simplest dy~amic model for predicting

the dynamic behavior of such a frame is generally the lumped mass, close-

coup1ed shear beam system shown or. Figure 3.2. Each spring is generally

assumed to have one of the idealized shear-defol":nation relationships shown

in Figure 3.3[48].

If strictly elastic behavior is to be modelled, only the stiffness

K) needs to be estimated for e~ch floor (Chapter 2 implicitly treated Kl
as random by assuming the natural periods of the structure to be random),

[f reliability is to be estimated and if a limit-elastic failure criteria

is adopted as has beer. done herein, a limiting resistance (R, R', etc.)
,

or distortion (~y,6y, etc.) measure of strength must be defined. Of course

if inelastic behavior is to oe predicted, the full-range of the shear
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distortion properties must be defined. Roesset and Piqu~ [48], and

Anagnostopoulos [29] have recently examined the relative merits of alter­

nate methodologies for defining spring properties for purposes of inelas­

tic dynamic analysis. To illustrate the types of uncertainties inherent

in the shear-beam model, such methodologies are briefly discussed herein.

3.3.1 Stiffness ~l

The stiffness Kl is fictitious in the sense that other displace­

ments are allowed to occur at the same time as the individual interstory

distortion of interest. Generally, Eq. (3.1) [29]

(3.1), )I

EKe = Sum of column stiffnesses III in a story

EKq,a~ Sum of girder stiffnesses in floor above

EK = Sum of girder stiffnesses in floor belowg,b

is used to estimate Kl . The main assumptions used in deriving Equation

(3.1) are that the culumn shed."; above and below a joint are equal and

that the rotation of all joints in a floor are equal. Equation (3.1)

reduces to the classical linear, lateral stiffness of fixed-end bending

members as EK and EK b approach 00, Equation (3.1) does not account
9 ,a g,

for the decrease in lateral stiffness because of axial deformation in the

columns. Of cours~ for concrete frames it is difficult to estimate proper

values of E and I. An alternative procedure, followed by Piqu~ [48], is
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to perfonn incremental. nonlinear static analyses under lateral loads

having assumed distribut;Ofo5 as shown in Figure 3.4a) and to calculate

the f1Qor stiffnesses directly a~:

(3.2)

The lateral stiffness obtained through such a methodology clearly

includes the effects of column axial deformation. Piqu~ has found that

th(' K1 for the lower stories (for the three frames analyzed) is stable

ant, independent (a~l values with ~ 3%) of the type of load distribution

considered. The stiffnesses of the higher $tories. however. are senJ1tive

to the type of load distribution and such sensitivity increases as the

number of stories inc~eases. Differences in stiffness ranging from 3%

for the four-story structure to ~ 15% for the sixteen story structure

are noted [48] as th~ load distribution is changed.

In effect. then, even with a perfectly deterministic structure, the

contept of an eqliivalent ;.L~ar spring stiffness K1 is a function of the

type of excitation exoerienced.

3.3.2 Storl. Yield Strength

At the present only preliminary observat10n~ on the variability

of shear-beam 5tory yield strength for detenninistic structures are avail-

able [4aJ. It is belieJed that such a strength mf>asure is primarily de­

pendent on the form of the strength interaction diagram for the individual
beam co 1urnn members, or. ina related way, 0:1 e,e type of fa il ure mechan-

ism whh:h occurs. Several investigators [31.49] have formulated probabil-
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istic descriptions of story yield strength conditional on the occurrence

of a specifipd failure mechanism. It is apparent. in view of the paucity

of data regarding mechanism uncertainty. ~nd the difficulty of an analyti­

cal formulation. more meaningful reliability estimates may be made for

structures in which such ..ncerta inty is precluded.

3.4 DEFINITION OF STRENGTH MEASURE

Since an estimate of component safety is desired, and failure has

b~en defined as exceeding a distortion level ~y. it is necessary to arrive

at a probability distribution of ~y' To this end. ily must first be defined

and the SOUt(·~S contributing to its uncertainty identified.

Several interpretations for ~y may be used: Figure 3.3 illustrates

three possibilities: the point A at which deviation fr~ ~lastic behavior

first occurs. the fictitious point B which corresponds to the intersection

of the initial st'ffness and the maximum .'esistance lines. or point C

which is the intersection of a fictitious stiffness line (whose purpose

is to provide an idealized curve with the same included area ar the actual

curve) with the maximum resistance line.

Tne point A is not a good measure of the strength of a story. It

varies significantly with the actual magnitude of gravity loads. Addition­

ally, considering steel structures. it will be highly derendent on the

residual stress distribution of the members. The point C can only he de­

fined a posteriori of an inelastic analysis. Hence the ~y corresponding

to point B is assumed herein to be the story yield level strength measure.
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It is apparent that uncertainties in both Rand Kl affect the proba­

bilHy distribution of /::,y. Uncertainty in the level R is. in turn. a

result of uncertain failure mechanisms (as noted previously) and str~ngths

of individual members. Similarly. the fictitious Kl may be dependent

on the loading condition as well as uncertain individual member stiff-

nesses. uncertain joint conditions and the presence/stiffness contribu­

tion of nonstructural elements.

Only one of the ahove sources of uncertainty is explicitly r.onsiderc<l

herein. i.e .• the one arising from uncertain member strengths. Uncer-

tainty in failure mechanisfl iC; rrecluded by the type of building dis­

cussed (see section 3.5). For purposes of defining ~y from estimates of

R, the stiffness ~l is assumed deterministic at the value predicted by

Equation (j.l). This approximation may be realistic for the 4-story build­

ing considered herein; Piqu~ has noted least variation in Kl for the short­

est rigid frames [4B]. It must further be noted that no methodology is

proposed herein to arrive at the entire probability distribution of 6 y •

rather. a secor,d moment description is attempted. Clearly an analytical

probability distribution must subsequently be assumed to arrive at an

estimate of safety.

It ~eems de~irable, fer ~urposes of comparison of design methods

(Chapter 5). to arrive at the second moment3 of /::,y directly from a design

load effect such as interstory shear. That is. it is desirable to avoid

actual member de~ign and simply state:

v
(- 2) (k' 2 ) - (k DES 2)
~y' a6. = "DES, a6. - Kl ' a~y

y y

(3.3)
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The type of distribution is assumed as well as its variance, with

the ~y mean value a multiple of the design interstory distortion. Such

an approach will be followed in Chapter 5. To arrive at acceptable values

for k and a'h , however, a more detaned approach i!: followed herein; i.e.,
y

actual members of a specific building are designed by a desired method

and performance criteria and then the mean and variance of ~y are pre­

dicted through a second moment approach.

3.5 EXAMPLE PROBLEM

The simplest example problem, a 2-D shear beam model, is first postu­

lated as follows. A hospital structure with interstitial space (i.e .•

trusses between columns), unbraced, may behave in a manner which can be

rightly represented by a simple shear beam model. Assuming symmetry, a

2-D model may be used for analysis. Figure 3.5 depicts the actual 4-story

2-bay structure which will be considered. For illustration (and since

the methodo~ogy presented in Chapter 2 was for obtaining elastic load

effects), it is assumed that the structure is to be as "seismically safe"

as a nuclear power plant; therefore NRC-like seismic force levels, design

philosophy and performance criteria are to be used. As an introduction,

then, both the ACI-AISC and the NRC (like) criterla are briefly reviewed.

3.5.1 Design Criteria

ACI-AISC Criteria. The normal ACI-AISC design criteria, listed in Table

3.1, assume UBC-like seismic design load levels and performance criteria

to arrive at load factors or allowable stress levels when seismic forces



109

+5' typ

I 9' typ
~

30'

I I I I I I T I I

I \ I \ I \ I

i I -r I 1 I ' I

I I \ I I I \ \

~ ~ ~"

FIGURE 3.5 - SIMPLE FRAME TO BE DESIGNED FOR SEISMIC lOADS

Acceptance
ACI Criteria

1.40 + 1. 7l ¢ *Strength
.75(1.40 + 1.7L + 1.7W} >

Strength -

Design .75(1.40 + lo7l + 1.l(1.7E}) Design

.90 + 1. 3W
L'1timate
load Effect

.90 + 1.1 (1.3E)
~_.-

Alternate All load Combinations f c ::. .45 f c
Design above wi th f s 2. .4 f VMethod

L.r. = 1.0 V~ Increase
w th Wor E.

AISC Acceptance
Criteria

1.7(0 + L)
1.3(0 -(o l) + 1.3(E)

P M
Plastic pV+ 1. 18 Mp 2. 1.(l
Design 1.3(0 + L) + 1.3(W) M< Mp

Elastic All load Combinations AISC Allowable Stres-
Design above wHh

ses. 1/3 Increase
with Wor E.

L.F. :; 1.0

TABLE 3.1 - ACI-AISC SEISMIC DESIGN CRITERIA
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are included. Impl1c;t in the design criteria is the fact that properly

designed structures will have considerable capacity for ductile behavior

during a real earthquake.

NRC Design Criteria- Stevenson et al. [51] have m03t recently summarized

the design philosophy generally followed for nuclear power plants. Some

key statements from that reference will be quoted herein.

To emphasize differences ;n performance criteria. he first states:

"... the consequences of risk associated with postulated accidents or
extreme environment effects require protect~on and evaluation of
events in a range of 10- 7 probability of occurrence per year during
the life of the (NPP) structure. This compares to conventional
structural design where probabilities of occurrences of phenomena
explicitly considered in design are not less than 10- 3 probability
per year."

Further.

"Central to extreme load design philosophy ... is the reduction of
structural safety factors as the probability of extreme load occur­
rence is also reduced. This in general requires that the actual
rpsponse of structures to extreme loads must be predicted with a
higher degree of confidence than is ~ypically the case with conven­
tional structures. As a result. quality control and quality assur­
ance requ1rements ... are considerably more stringent than would be
the case for conventional structures."

And. more specificallj regarding loads.

"Conyentional stryctyres are usually designed for bfo levels of load
which inr.lude the normal or service loads expected during the life
of the facility and severe environmental loads which typically in­
clude the 25 or 50 year mean maximum wind and a design ~usis earth­
quake as defined by the UBC .... Nuclear facilities in addition to
the two levels considered in conventional design are typically de­
signed for a third load level termed the extreme load which includes
such natural phenomena as the maximum earfh§Uake potential for :he
site which considers the reg;ona1 and local geology and seismology
and loca 1 fOundation conditions. It also includes tornado wind and
associated airborne missiles as well as postulated design basis ~,~­
dent loads consisting of hlgh energy ruptures which result in ~e
break reactions and impingement loads, eipe whip and associated acci­
dent generated missiles and pressurlzatlon of building components.
flooding and high thermal gradients."
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Associated with the various load levels m~ntioned above are different be-

havior requirements. For NPP. Steven~on states:

" ... It has become common practice in compliance with Regulatory
Agency requirements to use the same conventional structure service
load behavior limits for both the service and severe lOud conditions
... extreme load behavior stress limits are typically lncreased
approximately 2/3 above the service load WSD limits and for FLO (fac­
tored Load Des ign) 1cad factors are reduced to approximately 1.0 ... II

Neglecting con~ideration of extreme loads due to tornadoes (generally

tornadoes are treated in the same way as SSE seismic loads). thenMal gradi-

ents, accidents. hurricanes. swells and surges. tsunamis. missiles. etc .•

the following load combinations and acceptance criteria remain applicable.

Distinction is made between concrete and steel as design materials and be-

t~een WSD and FLO design methods.

Acceptance Criteria
ACI "altErnate meth0d" allowable
str~sses without a 33% increase

~cceptance Criteria
Member 5trength *~ ~ design load
effect

1) CONCRETE STRUCTUkES
A) Service load (or severe environmental) conditions

1) WSD
Load Combinations

0+ L
o + L + E
D + L + W

2) FLO
Load Combinations

1.40 + 1. 7L
1. 4D + 1. 7L + 1. 9E
1.40 + 1. 7L + 1. 7W
1.20 + 1.9E
1.20 + 1. 7W

B) Extreme load cond;tions

1) FLO
Load Combinations

o + L + E'
Acceptance Criteria

Member strength *¢ ~ design load
effect.

In the nbove, E indicates OBE seismic levels. E' indicates SSE seismic

load levels. and Windicates approximately a "lOO-year" wind. It is to
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AISC allowable ~tresses

wit~out 33% increase
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be noted that. under load condition A) the ACI normally includes a 0.75

load factor or a 331 allowable stress increase for load combinations

Wtlich include W or E. The NPP criteria alllJff similar modifications only

jf thermal loads or transient pipe reactions are included in the load

combinations. Also. for load condition B) only tne FLO method is recom-

mended. with load factors equal to 1.0.

II) STEEL STRUCTURES

A) Service load (or severe envirormental) conditions
1) WSO

Load Combinations
o + L
o + L + E
o + L + W

2) FLO
Load Combinations

1.7D + 1. 7L
1 .70 + 1. 7L + 1. 7E
1.70 + I .7L + 1.7W

B) Extreme load condition~

1) WSD
Load Combinations

o + L + E'
2) FLO

Load Combinations
o + L + E'

Acceptance Criteria
"1ember p~d;., :.ic 5trength ~ design

load effect

Acceptance Criteria
1 .6*kISC allowable stresses

Acceptan~e Criteria
Member strength * 0.9 ~ design
load effect.

It is noted that for steel both WSD a~d FLO are acceptable design methods

under extreme load conditions.

3.5.2 Design.

Beyond the initial choice of a structural material and preliminary

static and dynamic analyses to estimate member sizes. member design con-

sists of an iterative sequence of the following steps:
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i) Eigenvalue solution to obtain Ti .ri'¢i
ii) Static and dynamic analyse~

iii) Design for appropriate load effect combl~ations.

For simplicity, steel is chosen as the structural materia1. Uncertainty

in individual meinber strength is, t~en. qenera11y a function of only one

variable, Fy [18,19] and WSD design methods may be applied for both serv­

ice/severe load conditions and extreme load conditions. Thre~ load cordi-

tions are considered:

Load Combinatior

1) D + '_ + E (or D + L + E/2)
2) o + L + W

3) D + L + ['

Given Des ign Parameters_

Acceptance Criteria

AISC allowable stresses

AISC allowable stresses*1.6

NBK response spectrum
NBK response spectrum

FRAME AS SHOWN IN FIGURE 3.5
FRAMES ~T 20 ft C C. (column~ braced in weak direction)
oL = 80 psf
lL = laC psf for floors, 30 psf for roof (no live load reduction)
WIND = 20 psf
SEISMIC SSE a 0.2g

O~[ amax = O.lg
DAMPING = O.Ot'ax

Design DL, LL, and Wload effects

Tabl~ 3.2 contains (final iteration) des"1n load effects for" the

col~n members as computed with a static frame analysis program.

Eigenvalue Problem Results

Sh1Wn in Table 3.3 are the (final) periods, mode shapes and parti­

cipation factors as obtained by using APPLE PIE [53].
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617.1
429.8
266.6

308.6
240.0
133.3

- ---T---- .....--._-

MW HOBE MSSE
-- -

.5 24.6 180.6 371.2
--
.5 15.9 176.8 345.5
--- ------ ----- --~-

.0 I 9.4 i 39.1 27£:.1
----- - 1-------- 1- --

.7 3.1 89.8 179.6
-

.3 47.2 348.7 697.2
-- - ----i - --- ----- -

TA8LE 3.2 - DESIGN LOAD EFFECTS (K, K-Ft)

TABLE 3.3 - DYNAMIC MODEL PROPERTIES
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Dynamic Analysis load Effects

The program APPLE PIE was further used to obtain member desig~ load

effects utilizing the 2% damped NBK design spectrum normalized to O.2g as

seismic input. The entire set of spectra is shown in Fiqure 3.6 T~~ con-

servatism of this design procedure is discussed in subsequent cha~ters.

It is noted in Table 3.2 that the OBE load effects are one-half those of

the SSE.

Final Design

Figure 3.7 indicates the final member sizes which satisfy the stated

acceptance criteria for all the load combinations consi~;~red.

3.6 PROBABILISTIC DESCRIPTION OF ~

To reiterate. for the example at hand. failure mechanism uncertainty

has been precluded as well as any other failure (shear, buckling. etc.)

~ode. The stiffness Kl is assumed deterministic and the variable Strength

of the members is the only source which defines uncertainty in the yield

level.

The following steps are then used to ~rrive at a second moment descrip-

tion of ~y'

1) Assume nominal P/Py
2) Choose nominal member Mp (AISC interaction formula)
3) Compute real mean values of plastic moment capacity

~~1*~

4) Using setond moment formulation, arrive at R.
5) Assume correlations and compute oR'
6) Assume deterministic stiffness and compute corresponding Ay and r1~

"Y
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In 1) and 2) above. P is assumed to be the axial load due to 0 + ! l.

Table 3.· gives the rorresponding P/Py. It is seeli that P/Py {" 0.15 in

all ca:es; therefore. according to the AISC. the full plastic moment capac­

ity may be used for all the beam-column members.

3.6.1 Individual Member Plastic Moment Capacity

In connection with step three. given nominal section and steel

properties, three alternatives are dvailab1e to estimate actual mean beam

plastic momert capacities. First, statistical information on the ratio

Mp/MP,nom.' if available, may be used directly. Second, since

Mp = Z * f y (3.4)

observed statistics of the random variable FVmay be assumed applicable

to Mp if Z is considered deterministic. Third. a distribution (or second

moments) for Mp may be derived froM appropriate distributions (or second

moments) of both Z and Fy•

It is apparent that direct statistical data on the ratIo Mp/Mp.nom.

is limited. Baker [19], in England. performed and reported some tests on

two British wide flange sections of mild steel (approximately a ~12x31 and

a W18x64). A summary of the results is given in Table 3.5. Alpsten

[181 reports similar data for Swedi-:.h -:.teel shapes. Figure 3.9 [18] shows

the cumulative density function of the ratio ~ IMp n for sections ofp • 001.

three different flange thicknesses. It may be observed that the mean of

the ratio generally decreases as the size of the members (or the thic~ness

of the component plates) increases. This is mairlly due to the observed
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Member P P/Py Z

-
1 100 .074 226

2 77 .065 196

3 50 .056
~

145

4 22 .039 87.1
I---~

5 273 .118 408
- --f--~----

6 202 .104 338

7 1~ ~ .092 243
t----- f---

8 61 .078 126

TABLE 3.4 - P/Py RATIOS FOR COLUMNS ~F RIGID FRAME

! IM 1M\Beam Mill No. of COV
Samples I P P.nom.

All 13 1.21 .0488

A 4 1.25 .0420
W12 B 5 1.22 .0138

C 4 1.16 .0637

All 10 1.09 .0645

A 3 1.15 .0298
W18 B 2 1.04 -

C 3 1.03 .020

D 1 1. ~4 -
E 1 1.18 -

TABLE 3.5 - Mp/Mp•nom . STATISTICS FOR BRITISH W12

and W18 SECTIONS [19]
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fact that the ;nean yield stress of a steel decreases wi th sample sets of

increasing t~;cknesses [19].

In relation to the second alter~ative ~tated above, A1psten [18] and

Baker [19] both conclude that variatl0ns in the cross-sectional proper-

ties of plates and sections from the nominal size are less important than

variations in yield strength in governing the strength of structural mem­

bers. Table 3.6, a ~ummary version of data presented by Baker, indicates

typical statistics for the thickness of mild steel plates (British). Data

was lumped from four different mills.

t nom . f covz

.25 .254 .036

.50 .447 .018

.75 .744 .013
1.00 1.OUO .010
1.25 ! 1.248 .010
1.50 1.496 .009
2.00 1.992 .007

TA8LE 3.6 - SECOND MOMENTS OF THICKNESSES OF
BRITISH STEEL PLATES [19]

Aiso, Table 3.7 summarizes statistics for' the plastic section modulus
for two (British) Wsections derived from a set which included samples
from three mills.

Beam Z . 3 No. of '1_,n covznom.

W12 43.1 13 43.3 C.013

W18 136.2 10 135.0 0.02

TABLE 3.7 - SECOND MOMENTS OF THE PLASTIC MODULUS
OF BRITISH W12 and W18 SECTIONS [19]
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Making the assumption, then, that Z is deterministic, available statis­

tical data for Fy may, in theory, be utilized to evaluate the variability

in Mp. In reality several precautions must be observed before yield point

data may be interpreted. For one. A1psten [18] notes that at least six

alternate definitions of the yield point exist and are in use. Also, both

A1psten and Baker indicate that considerable variation can occur in the 1ev-

e1 of yield strength actually recorded because of the method of specimen

preparation, the rate of loading, and the dynamic behavior of the testing

machine.

Even assuming a common definition and testing procedure, the bulk of

the data, which is in the form of mill test results, must still be care-

fully categoriled. Assuming constant the factors which cause systematic

variatiolls in Fyii .e., nominal grade of steel or chemical composition, type

of section rolled, thickness of finished ~aterial, and characteristics of

the rolling anG cooling processes, the yield strength remains a random vari-

able which varies from mill to mill, within a cast or an ingot. along the

length of the member·, and within the member cross-section. Baker systematic­

ally identifies the relative importance of these sources of uncertainty [19].

Of primary interest is the fact that mill tests mayor may not be

highly correlated with member flexural strength depenrling on the location

from which the specimen is taken. Table 3.8, a summary version of a table

given by Baker, indicates various mean mill test yield values: 0Ye denotes

the mean of the "mi 11 certificate yield strengths," 0YSr denotes the mean

of the mill yield strengths using fl~~~_ specimens and tested by the author,

cr d~notes the mean of the mill yield strengths obtained using web speci-
YSW ---

mens and tested by the author.
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ill INo. of - - -
0Y.nom. °YC °YSF °YSW

~~
--------- ---

LL 10 N 263.4 284.6247 -::T'""" 320. I
Im ---1N11 9 247 r~313.4 244.5 ~7!~.-

I~Beam 1-=..MrW12 ;-

\ - W18 A
, ---..L-_

TABLE 3.8 - VARIOUS MEAN YIELD STRENGTHS FOR BRITISH W12
AND W18 SECTIONS [19]

It is to be noted that the "certificate mill strengtl1": i.e., tt:at

supplied by the mill as proof of compliance with specifications. is sig­

nificantly higher than the other values. This is generally true because

a web sample ;s specif;erl by British (as well as ASTM) standards and usu­

ally the upper yield strength [19] is recorded by a manufacturer. Table

3.9, also presented by Baker. shows that. in fact, the average mill cer­

tificate strength is poorly correlated with actual member flexural

strength. The highest correlation is between the laboratory measured

mean flange yield strength, 0YSF' and observed plastic capacity MpC· 0YSF

is, in turn, fr'om Table 3.8, very close to the specified minimum value.

M
pC tave 0y

MpC l.~ .348 .9

ayC ~ .0 .3
--

°YSF
S~_1--=_°YSW

-
SF °YSW

16 .769
-- 1----

64 .485

.0 .815

1.0

TABLE 3.9 - CORRELATIONS BETWEEN VARIOUS REPORTED YIELD
STRENGTHS AND SECTION PLASTIC CAPACITY [19]
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In view of the bia~~s apparent in mill strength results, the few

actual test results which measured Mp/Mp are herein considered to,nan.

form the most reliable basis for making an assumption regarding Mp•act .

Specifically, the following assumpticns are made

MP, act.
MP,nom.

:= 1.08
(3.5)

2 =ITR

COY = 0.08

The implication is that the nominal Fy is approximately one standard

deviation below the actual average Fy of a member. To obtain actual

average member plastic capacities, then, the values of the plastic sec­

tion modulus listed in column three of Table 3.4 are multiplied by

1 .08 (36) .. 39 ks i.

3.6.2 Second Moment Formulation

In essence the second moments of the strength of the ductile,

parallel system shown in Figure 3.8 are to be estimated. The appropriate

equa t ions are:
n

Ii =1 l Mp .
h ;=1 ,1

n n n

~ L cr~p . + J t? aMp' aMp' Pij
i=-l ,1 1rJ ,1 ,J

~ ..
1Jwhere correlation coefficient between the i and j cross section

capacities

n = number of sections attaining their full capacities at sys­
tem fa il ure.
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The assumptions are made that cross-sections at t~e ends of a member arl

perfectly correlated (i.e., P = 1) and that separate members are unccr­

related. The above assumptions are consistent with the trends found by

Baker [19]. He concluded that the variation in yield strength in the

direction of rolling is small in comparison with variation across the

section for any particular bar rolled from a single ingot. Separate mem-

bers, implying different sizes or plate thicknesses, different "heats"

of steel and cooling rates are essentially random selections from a popu­

lation. (Of course, in a concrete building the strength ~f adjacent co1-

umns, which are likely poured from the same batch of concrete, may be

highly correlated). For the s!>ecific example being considered, the above

equations reduce to:

COV F •
y

13'
2"

12 + (Z2121 f
2 + Z2 1Z1

(3.7)

where the subscript 1 indicates extonor column properties and 2 indi-

cates interior column properties. Table 3.10 lists the computed values

for the four floors. Also shown in Table 3.10 is the ratio of the R

value to the interstory shear, V. from the SSE dynamic analysis. The in­

crease in the ratio from the top story to the bottom is indicative of the

greater influence of gravity loads in determining column sizes.



126

Floor

4

3
2

---- -

1

R - K COV R V-K R/V
---- --_._- f----

217. .0405 139 1. 56----~---~ -~._- ----
386. .0407 231 1.67
---~- -----
528, .0410 29'1 1.81
-~._-- ---
621. __~O~_l_~L 323 1.93

-

TABLE 3.10 - RATIOS OF MEAN STORY LATERAL STRENGTHS TO

COMPUTED SEISMIC INi'ERSTORY SHEARS

3.6.3 Deterministic Stiffness

An assumption must now be introduced regarding the deterministic

stiffnes~ in order to arrive at second moments of ~Y from the data of

Teble 3.5. It is useful to note that, for this model, the col~mn axial

stiffnessr.~ significantly affect the lateral stiffness of the frame.

Figure 3.1C Shows two lateral stiffness matrices: a) is obtained using

actual column areas, b) is obtained using arbitrarily large column areas.

b) is essentially the expected lateral stiffness matrix which represents

true shear beam behavior and which is predicted by Equation 3.1 as

r K A and ZK B approach 00.g, g.

30.42 -13.93 0.10 0.00 34.98 -15.93 O.el 0.00

23.78 -10.03 0.06 27.32 -11.41 0.01

15.43 5.57 17.62 -6.22

SYM. 5.41 SYM. 6.22

a) b)

FIGURE ~. 10 - LATERAL STIcFNESS MATRICES. KIFT * 10-3
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By using actual column areas. tnen. the lateral stiffnesses are approxi-

mately 85% of those predicted by shear beam behavior. The other dynamic

properties. i.e .• participation factors. and mode shapes art essepti.111y

the same for the two mode1s. although the fundamental period decreased

from 0.317 sec. to 0.291 sec. ~s the column areas were made arbitrarily

large.

For the example herein, the lateral stiffnesses given by Figure

3.10b were used to compute corresponding average yield levels ~y; the

results are given in Table 3.11. Although Table 3.10 shows slight differ-

ences in cav's of resistances of the floors. a common COV = 0.04 is assumed

for all the floor yield levels.

rF100r

--~-

R-Kips
_3 -

K- K/FT * 10 f,y - FT
t-

l 4 217 6.22 0.0348
,

3 386 11.4 0.0338
~--- --f-

I 2 I 527 15.9 0.0330,-----t- ---------
I 1 i 620 19.0 0.0326

TABLE 3.11 - COMPUTED MEAN VALUES OF STORY
STRENGTH MEASURE ~y

3.6.4 Distribution Assumption

The additional as~umption of a normal probability d;stribution

for Ly is finally made. The appropriateness of this assumption may be

supported by observed statistical distributions of steel yield strength.

Baker.having defined a single population as:
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"All the plates or sections rf a single nominal size and grade of
steel rolled by a single min during a period of time when the pro­
duction process is statistically in control."

concludes that sets of yield strengths are effective1y nonnally distrib~­

ted [19]. He does further state. however. that lumping yield strength

data from a set of mills tends to result in distributions which are signif­

icantly positively skewed. Even for such data. Baker concludes that, at

low strengths. the cumulative frequency of the sample data follows the

normal distributions more closely than the lognormal. Of ccurse it is

the low strengths that are more significant in controlling reliability.

3.6.5 Discussion

The main limitation of the example given herein is that it does

not quantify uncertainty in ~y due to an unknown failure mechanism and

stiffness. It appears that mechanism uncertainty must first be studied

empirically: i.e .• structures must be designed and an appropriate program

(FRIEDA [12]) used to observe and quantify uncertainty in "yield levels."

Only then may probability of failure estimdtes be made reliably for gen­

eral plane frames.

It i5 likely thai concrete frames exhibit more nonlinear behavior

and have more uncertainty in both stiffness and strength than do steel

frames. Hence quantifying a single yield level for conc~te is much more

difficult.

"
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3.7 SUMMARY

This Chapter examined the type of uncertainties involved in defining

a strength measure to be used in conjunction with a shear ueam model. A

structure was designed and second moments of the yield interstory displace-

ments were calculated. A normal strength distribution was assumed. With

the capabili~y to obtain load effect distributions as developed in Chapter

2. the data developed herein casts the prediction of failure probabilities

into a standard fcrm: i.e .• a numerical solution of Equation (3.8) may be

performed.

(3.8)

where FL(r) = Cumulative density function of a load effect.

fR(r) = Probability density function of the resistance
measure.

The following Chapter presents results of such calculations as well

as a procedure for the use of seismic risk information to arrive at an

overall asses~ment of safety.
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ESTIMATION OF FAILURE PROBABILITIES

4.1 INTRODUCTION

Utilizing the work described in the previous chapters. reliability

estimates are derived herein for the structure designed in detail in

Chapter 3 and the shear beam models introduced in Chapter 2. Story re1ia-

bilities, conditional on occurrence of an intensity amax ' are first evalu­

ated. Seismic risk analyses are then briefly reviewed and ov~ral1 story

reliabilities are estimated. COO1parisons and evaluatiolls of the results

in view of estimates developed by other investigators are then made.

Finally, the assumptions required for an assessment of system reliability

are briefly explored.

4.2 CONDITIONAL STORY RELIABILITY

4.2.1 Structure Designed in Chapter 3, T) = 0.317 sec.

Chapter 3 derived moments of the distributions of boy (Tables 3.10.3.11)

a limiting distortion which defined the story strengths of the four-story

structure. The assumption was then made that ~Y was normally distributed.

A distribution of load effects for that structure, conditional on a peak

intensity, must then be computed (using the m~thod described in Chapter

2) to arrive at reliability estimates.

The results of the eigenvalue problem, Table 3.3 • define the struc-

ture. The parameters Wg' S', ~ and TolTc are assumed to be 10gnormally

distributed with parameters given by Table 2.8. repeated here.
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~<---F'01
V
--

.75

TiTe .85 .33
--

wg 12 l/see . •50

S' 8 secs. .75

TABLE 2.8 - MOMENjS OF LOGNORMAL DISTRIBUTIONS OF

PA~~E~ERS r,. To/Tc' wg ' S'

The justifications for such ~arameters are given in Chdpter 2. It is

important to note again that the wg and S' moments were derived from the

39 earthquakes listed in Tabl~ 2.2. Attempts to further cate~0rize a

site by using stati~tics derived from a chosen subset of all the earth-

quakes were not made. As an example, Figure 4.1 shows the resultant

conditional (on a = a = 0.2g) distribution of the first floor inter-des.

story distortion.

As noted in Chapter 3, the problem of calculatinq conditional fail-

ure probabilities has been cast in a standard form. Therefore, assuming

independence of load effects and capacities. Equation (3.8 ) can be evalu-

ated numerically for several conditional load effect distributions.

Figure 4.2 shows resultant probabilities of exceeding yie1a levels AV
in a story, conditional upon a seismic occurrence of int~nsity a/a,lJes.
The se~sitivity of these curves to the actual de~;gn ~pectrum used will

be partially quantified in Chapter 5.

4.2.2 Models Def) ned in Chaptel' ?_

Deterministic interstory distortions were computed for the T, =

0.377 sec. and T1 = 1.13 sees. models defined in Table 2.5 • u;;ing the
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STRENGTH MEASURE 6y FOR EACH STORY



.134

same seismic design procedure (NBK. ~es. = .02. ades . : 0.29) as in

Chapter 3. Table 4.1 shows the c~puted results .

.-
Story Tl = 0.377 Tl = 1.13

DO DO
1 .51 2.17

2 .45 -HH3 .33 1.4i

4 .18=1 .76 I
TABLE 4.1 - DESIGN INTERSTOR~ DISTORTIONS (in)

NBK 2% SFECTRUM ades . = 0.2g

In lieu of a complete design. then, the strength measure, t:. y • is

assumed to be normally distributed with moments

t:.y = c '" 1.5 * (Oesign Interstory Oistol'tion) = k * DO

Vt:.y=VC=O.lO (4.';

Usin·) the conditional load effect distributions derived in Chapter 2.

conditional probabilities of failure were computed; Figure 4.3 shows the

results. It is to be noted that for the same design spectrum the condi­

tional failure probabilities are greater for the longer period structure.

This may be attributed to the larger disp~rsion in the load effect dis­

tributions of the Tl = 1.13 sec. structure; a consequence of normalizing

load effect distributicns to peak ground acceleration.

Sensitivity of Conditional Failure Probabilities

It is pertinent to check the sensitivity of the resultant conditional

probabilities to the assumptions made regarding Ve • k and (des.
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Figures 4.4 and 4.5 indicate the resultant effects on first-story

conditional failure probabilities as V is varied, keeping ~d and kc es.
constant. It may be noted that the effects are similar for both struc-

tures. Increasing Vc affects conditional failure probabilities

(P[F la/ades .]) due to small alades ratios the most. This is understand­

able since P[FI a/ades.J for low iJ./ades ratios lire most dependent on the

probability of having very low strengths which increases as Vc increases.

As Vc grows large (i.e., Vc ~ 0.4) the strength distribution becomes very

broad, hence even for small alades ratios significant conditional fail­

ure contributions arise, which, when combined with the higher probability

of achieving 5uch low intensities, may even become the dominant contribu­

tions to the overall story failure probability. Veneziano [65] similarly

noted that for models having large statistical uncertainty in the resist-

ance parameter, overall risk contributions may even increase with decreas-

ing intensity and that such cases are characterized by "i;he presence of an

intensity range below the mean resistance which contributes rather uniformly

to the seismic risk." 'In any case, it is likely that, given survival of

a system under normal loads, a truncated strength distribution is more

appropriate. In lieu of using such a truncation, a lognormal strength

probability distribution was a~~umed for Vc = 0.4, resulting in condi­

tional failure probabilities which are believed to be more representative

for such broad strength distributions.

Figures 4.6 and 4.7 also show the effects on the first floor condi­

tional failure probabilities as k is varied, keeping Vc = 0.10 and ~des. =

0.02. It is observed that, unlike the intensity dependent effects of
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Vc variation. the curves are essentially shifted with different k assump­

tions. Hence uncertainty in the Mean strength is of greater importance

in computing conditional failure probabilities at high (design) intensi­

ties.

Lastly. design interstory distortions we~e computed with the NBK

spectrum (ades . '" 0.2g) using alternate assumptions for ~des.' The re­

sults are shown in Table 4.2

Tl '" 0.377 sec. Tl = 1.13 sec.
Floor ~des.=·005 ~des.=·02 ~des.=·05 f;des.=·OO5 f;des.,"0.02 ~des.~·05

1 .75 .51 .39 2.53 2.17 1.47
- ~--

2 .66 .45 .34 2.23 1.92 1.30
3 .49 .33 .25 1.65 1.42 .96
-~- f--- -- -

4 .26 .18 .14 .89 0.76 .52

TABLE 4.2 - I"TE~TORY DISTORTIONS (in.) COMPUTED
USING ALTERNATE NBK SPECTRA

(ades .= 0.2g)

It is to be noted that the mean of ~ and its distribution for pur­

poses of arriving at load effect distributions remained the same (i.e .•

~ = O.O?) Hence the effect of alternate ~des. assumptions is a shift in

the strength distribution; i.e •• alternate k values are implied. Fig­

ures 4.8 and 4.9 indicate variability in P[Fla/ades .] for the two struc­

tures designed using alternate ~IS with k = 1.5 and Vc '" 0.1 constant.
des.

For the Tl = 1.13 sec. IIJdel. the Plfla/ades ) curve for Cdes. '" 0.005

is essentially the same as tne case !;des ... 0.02. k = 1.75, Vc ~ 0.10 in

Figure 4.7. This is true since. in effect. the mean resistance is essen­

tiallyequal for the two (i.e •• me '" 2.53 (1.50) ~ 2.17 (1.75).
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4.3 SEISMIC RISK

The intent herein is simply to use available seismic risk infonma­

tion derived from established methodologie~ to arrive at overall estim-

ates of' reliabllity. It is important, however, to review the major assump-

tions made and the inherent uncertainty in a seismic risk estimate.

The final result of a seismic risk analysis is a statement regarding

the probability of occurrence of a site intensity measure in time. Most

ccmnonly the site int£'nsity measur'es are peak ground acceleration or MMI

when the seismic history includes only a few, if any, instrumental rnagni-

tude or site acceleration recordings. Othe~ site intensity measures,

i .e., vrna x ~ dma x. '

seismic risk.

Sv' 0a' I f(w)1 may also be used to quantify the

The mathematical methods to arrive at risk statements, as developed

by Cornell [24], involve assumptions of models concerning:

1) The rate of occurrences of earthquakes of varying magnitude
2) The relation between magnitude, peak ground intensity and the

distance R from the ~ite to the epicenter.

It is known that uncertainty in the assumed models and/or their

parameters, called statistical or "inductive" uncertainty, exists. Sei~-

mic risk analyse~ mayor may not include it in arriving at a final state-

ment cf intensity vs. probability [6,65]. Veneziano [65] has rece~tly

quantified the effects of statistical uncertainty through per~lty facters

on "probabilistic" failure rates; i.e., those obtained without consider-

ing stati~tical uncertainties. His estimates of failure probabilities

will be further discussed in Section 4.4.3.
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Figures 4.10 and 4.11 illustrate two seismic risk curves. Figure

4.10 was derived by Donovan [17], using methods developed by Cornell, for

the San ~rancisco Bay area. Figure 4.11 was derived by Cornell and Merz

for a Boston site. Roughly, if intensity at a certain probability is

lognonnally distributed, the "'Tlost 1ikely" risk curve may correspond to

the mode of the distribution and the "Bayesian" ri!;k curve may correspond

to the mean of the distribution. It must be noted that such risk informa­

tion is meant to apply to finn ground or roc~ cites only, and must be

modified for soft ground sites.

Since the Cornell-Merz curve is used herein to arrive at "overall"

failure probability assessments, assumptions made in its development are

briefly stated. First, since there is no history of recorded strong

motion near Boston, the analysis was made in terms of Modified Mercalli

Intensity (MMI). Statistical uncertainty in the models and other assump­

tions wus included~ Figure 4.12 shJWs the reported range as a result of

different assumptions regarding the attenuation laws, upper bounds o~

intensities, and geometric configuration of earthquake source areas.

These different assumptions ~ere subsequently combined in a Bayesian

fashion by assigning the various alternatives r2lative weights reflect­

ing the subjective degree of belief in each exclusive alternative. Curve

BWE is the resultant Bayesian Weighted Estimate seismic risk curve. To

arrive at Figure 4.11, i.e., site seismic risk in terms of peak group

dcceleration, nominal values of peak ground acceleration were assigned

to various intensity levels and assigned a weight of 0.50. It was further

assumed that, given a particular pr",dicted intens;ty, an "acceleration
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value one level below (about one half) or one level above (ahout twice)

the nominal value might be expetienced." These upper and lower va"lues

were each assigned probabilities of 0.25.

1.4 OVERALL STORY RELIABILITY

ihe conditional story reliability results as derived in Section 4.2

may then be combired with the seismic data given by Figures 4.10 and

4.11 by the approximate numerical expression:

PF = L P[Fi a o] (P[a ;> a - ~a] - P[a > a + 6a]) (4.2)
All a· - 0 - 0

o

to obtain mean annual floor probability of failure estimates. Specific­

ally such computations were perfonned on the three structures considered

in Section 4.2 using the Cornell-Merz "most likely" risk curve.

4.4.1 Examples

Structure Designed in Chapter 3, T) = 0.317 sec.

Figure 4.13 shows contributi ons to the overa11 probabil ity of

failure for each floor, i.e.•• contributions to the sumnation ill Equation

(4.2). arising from various a/ades . ratios. It can be seen that signifi­

cant contrihutions arise from the entire range of likely intensities,

with maximum contributions from acceleration intensities'" 1.2ades ..

Individual contributions are very sen~itive to seismic risk ordinates

and deviations from the smooth curve are due to errors in reading of the

seismic risk curve. Table 4.3 contains the sum of all contributions or
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the overall probabilities of exceeding the yield level interstory dis-

tortions.

Story p[A ~ \J
1 1.40
2 i. 76
3 2.48
4 3.29

TABLE 4.3 - OVERALL PROBABILITIES OF EXCEEDING
FLOOR YIELD LEVELS * 106

Comparison of such estimates with those of other investigators is

made in Section 4.4.3. Sensitivity of such results with k, Vc ' and the

seismic risk assumptions is quantified for the subsequent models only.

Models Defined in Chapter 2 by Table 2.~

Analogous failure probabilities for the Tl = 0.377 sec. and Tl =

1.13 sec. models are given in Table 4.4. To reiterate, the design assump­

tions were: ~des. = 0.02, NBK design spectrum with ades . = 0.2g, k = 1.50,

Vc = 0.10 and normally distributed strength (unless indicated).

Story Tl = 0.377 Tl = 1.13

1 1.55 2.59
2 1.41 2.24
3 1. 73 3.03
4 2.12 4.47

TABLE 4.4 - OVERALL PROBABILITIES OF EXCEEDING
FLOOR YIELD LEVELS * 106
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4.4.2 Sensitivity

The parameters k, Vet ~des. and the seismic risk curve may be var­

ied about their best estimates to observe the sensitivity of the probabil­

ity of failure estimates. Tables 4.5 through 4.7 indicate the results of

such studies for the Tl ; 0.377 sec. and Tl ; 1.13 sec. models. Tables 4.5b

and 4.6b show that failure probabilities remain essentially constant for

0.05 2 Vc ~ 0.2. For the T1 = 0.377 sec. model. an order of magnitude

change in failure probabilities results as ~des. is varied fnom 0.005 to

0.05 (remembering that to obtain load effect distributions ~; 0.02).

Table 4.7 indicates variation in overall failure probabilities as

the seismic risk curve is shifted from the "most likely" position. Roughly.

at the probability ordinate corresponding to a = ad = 0.02g on the "mostes.
likely" risk curve. the Bayesian curve predicts a ; 0.3g (see Figure 4.11).

Therefore as an indication of possible risk variations. the entire curve

was shifted to predict intensity levels 50% above and below those of the

most likely curve. It may be seen that resultant probabilities vary by

factors ranging from 50 to 100 for the seismic ri~k range considered. For

the Tl ; 1.13 sec. structure. however, variation in ~des. from 0 to

0.05 causes as great effects on overall reliabilities as a shift from

"most likely" seismic intensities to values 50% greater.

4.4.3 Significance of Failure Estimates

Failure has been defined herein as exceeding a story level limit­

elastic response in a structure designed by NRC-like seismic design

criteria. Clearly then. given the different seismic design and failure

criteria inherent in the USC and similar codes. the failure estimates
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'--'

Story *Vc = 0.05 Vc = 0.10 Vc = 0.20 Vc = 0.40

- ~---- --- ->-----
1 1.5 1.6 2.0 3.8

---~--------f---------- ----

2 1.3 1.4 1.8 3.5
----~~--~-------'--

3 1.6=± 1.7 2.2 4.1

=--tl 2.0 2.1 2.7 4.9
-- _________L-._

a)

*
~es. = 0.02. k = 1.5 • Vc Variable. CSR
Lognormal1y d~stributed strength

k = 1.75

.86
-~ ---- --- - .._----

.77
-- ---------- ---

.96
---------

1.20

k = 2.00

.49
-----

.43
-_._----

.55---_ .._--

.70
--~

b) !;des. = 0.02, k variable, Vc = 0,10, CSR

= 0.02 1';des. = 0.05

-- --_.
.6 3.9

-------- --

.4 3.6

.7 4.3
~----I---~-

.1 5.1

1

1
-----

1

2

05 [,des.Story 1';des'= 0.0

1 .31
----- - ---- -

2 .28
3 .36

--

4 .46

c) [,des. variable, k = 1.5. vc = 0.10. CSR

Table 4.5 - T, = 0.377 FAILURE PROBABILIiIES * 106 NBK

Design Spectrum. ades . = 0.2;



154

*Story Vc = 0.05 Vc = 0.10 Vc = O.2fl Vc = 0.40

1 2.5 2.6 3.3 6.0-- --- ~--

2 2.1 2.2 2.8 5.3--
3 2.9 3.0 3.8 6.9 =.j--- ----
4 4.3 4.5 5.4 9.5

"-- -- --

a) 'des. = 0.02. k = 1.5. Vc variable, CSR

* Lognormally Distributed Strength

= 1.25 k • 2.00~
.5 .89
.3 .76
.P 1.07

--
.7 1.65
--

s:ory \:71.25l k:.:.50 I\
2 ~.1 2.2 1

~- ------

3 ~~---=L3.0 1
4 I 7.8 4.:> 2_____ L _

b) !;des. = 0.02, kvariable, Vc = 0.10, CSR

I Story
----

i;des.= 0.005 I;des. = 0.02 'des. = 0.05

L
I 8.6
r ~ 1H---{: --~- 2.6

[ ~.._::~- ~-~- ~:~
9.8

13.3

c) ~des:Variable. k = 1.5, Vc = 0.10, CSR

TABLE 4.6 - T1 = 1.13 FAILURE PROBABILITIES * 106

ades . = 0.2g. NBK Design Spectrum
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IStory I .5 * CSR .8 * CSR 1.0 * CSR 1. 2 * CSR 1.5 * CSR
----~----~----Et£"06 .64 1.6 2.9 5.9

+- :~~ ---- .57 1.4 2.7 5.5

.72 1.7 3.0 6.5
..-

4 .09 I .90 2.1 3.8 7,,7

a) T1 = 0.377

Story .5 * CSR .8 * CSR 1.0 * CSR 1.2 * CSR 1.5 * CSR
--

1 .13 I 1.1 2.6 4.7 9.5
_.. -

2 .1! .97 2.2 4.1 8.4

3 .16 1. 36 3.0 5.5 10.:)._--
4 .27 2.07 4.5 7.8 15.0

~.

b) T1 1.13

TABLE 4.7 - OVERA~L FAILURE PROBABtLITIES * 106 WITH Al7ER~ATIVE
SEISMIC RISK ASSUMPTIONS

~des = 0.02, NBK Design Spectrum. ades . = 0.29
k ~ 1.5, Vc = 0.10
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obtained herein are not meaningful for conventional buildings. Further,

for nuclear power plants where failure is generally defined to be the

occurrence of an initiating acciaent or of an accident sequence or of

core melt c:" of a -arge release of radioactivity [47], the overstress

event defined herein does not necessarily imply a system failure. An

ana1ytical formulation to assess systeln failure is indeed complicated

because of "the cooplexity of NPP systems. the sequentiality of accident

events leading to failure. the built-in redundancy and ':"~ d:fferut

le','els of resistance of various subsystems and components [65]." None·

theless. the implication of elastic design criteria is that nuclear sys­

tems or subsystems performance when the structure is performing in the

inelastic range is uncertain. Therefore inelastic structural behavior

may lead to (or' b~ correlated with) the occurrence of an event wldch

initiates system failure. As Veneziano has remarked for his failure

estimates. then. the probabilities derived herein are related to the mean

annual rate of accident initiation in a specific mode.

Comparison of the methodology and estimates of Newmark [46] and

Veneziano [65] with those described herein follows.

Failure Estimates of Newmark

To quantify the seismic safety of nuclear power plants, Newmark

[44] uses the following approach. The assumption is first made that

probability distributions (conditional on design earthquake occurrence)

are lognormal for buth the "resistance," R, and the "earthquake hazard,"

H. He then define~
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FS - DE-Sig'l t1azard
H - Median Hazar?

Des i 9n Ha zard
IllH

FS = Median ~~sistance
R Design Resistance

ifiR
Oes;gn Resistance

and from Figure 4.14, then ~R/mH = FSH * FS R" If both Rand Hare 109­

nonnally distributed, the conditional failure (defined by Newmark [44] as

"exceeding the design 1imi t") ['lrobabi 1ity is given by (see Chapter 5 or

Keference [3]) the analytical expression:

or

p •
f (4.3)

(4.4)

where t is the CDF of the standaraized normal variate U. FS R, FSH, a~nR'

o~nH (Newmark assigns the symbols BR = BetaR = G£nR and BH = Beta H =G~nH)

must then be estimated to arrive at reliability values. Newmark computes

o~nR and o~nH' in turn, from the SRSS of the standard deviations of the

natural logarithms of the components of Rand H which are ~lso assumed

to be lognormally distributed. FSH and FSR are estimated to be the pro­

ducts of the individual factors of safety associated with the components

of Rand H. Table 4.8, taken from Reference [44] lists such components

and ;r.d;cates estimated values for FS H, FSR, ofn
H

' o\n
R

for ordinary civil

structures.
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Magnitude
---- --- --------._--- -- ---
Distance

--- ----
Site Acceleration
~_._. -------- _._._-~ - .--- ---

Site Modification
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Hazard Component Be1:atf FS
~ ~-- ~-------- ~ e------ ---.-

.3 1--- -_._.-

.3 1
- -~ . - - --~

.7 1.35

.3 1.0----------- - -- -- --- - -" ~.~ - -_.. _. --

Haza rd lota 1

Resistance Component

0.87 1.35

TABLE 4.8 - NEWMARK'S ESTIMATt OF PA~AMETERS FOR COM­
PUTING CONOIlIONAL FAILURE PROBABILITIES [44j

With such estimates, then,

1
.l n {1.35 * 5. }

Pf la = t ...
des. [(0087)2. + {O.:>2)l

Pf\a = ~ (-1.89) = 0.03
Cles.

_'" ( 1.91)
_'t' -T:OT

The above is a conditional probability of failure given the occurrence

of the design earthquake. For nuclear power plants Newmark uses

.JOfnR + crinh = 1.01, and he ~stimates [46] FSR*FSH :::: 20, implying a con­

ditional probability of failure

P I = ~ tnPb20 ) "~(-3.00) = 0.0015
f ddes. . ,

The assumption is th~n made that the total yearly failure probability ;s
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(4.5)

Such an assumption is clearly unconservative since it d1es not consider

contributions to failure probabilities from intensities above and below

the design earthquake. This has been recognized by Vanmarcke ahd

Veneziano [65] and others, and is evident from Figure 4.13. In any

case, Newmark estimates that yearly proLabi1ities of occurrence of a
-4 -5nuclear power plant design earthquake are of the order of 10 and 10

and hence concludes that "the net probability of f"'.ilure per year under

seismic conditions will be •.. of the order of 1 part in 108 or less for

nuclear power plants. II

Setting aside considerations of the unconservatism of Equation (4.5)

and the p[ades .] estimate, the assumptions of FSR and FSH are crucial to

the Newmark methodology. Detailed documentation of such assumptions is

not presently available.

Failure Estimates by Veneziano

Veneziano has recently estimated mean annual failure probabilities

for a NPP sighted in Massachusetts. His methodology and results are as

follows. The measure of intensity used to characterize both seismic

risk and resistance was Modified Mercalli Intensity. Under the assump-

tion that the actual risk f~nction decays exponentially and that the

actual resistance distribution is normal, he postulated two models: a

probabilistic or "deductive" model with deterministic parameters, and a

stati~tical or "inductive~ model which explicitly considered uncertainty

in the key s~ismic risk and resistance parameters. The probabilistic

model formally is developed as follows. If
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l .,

for i ~ i ,

for i > i ,

where

and

= ...1 at site

A(i) = Mean rate of events exceeding site intensity;
al = Decay parameter

then A(rn), the mean rate of events exceeding a normalized resistance

val ue rn' is
(4,7)

where Ao is the mean rat~ of seismic events with site intensity> uR'

Also the mean failure rate Af is given bv [65]:

(4,8)

The statistical model considers uncertainty in the parameters Ao'

eN' ~R' and oR' For each combination of known/unknown parameters, the

inductive (Bayesian) mean failure rate is calculated; the effect of

statistical uncertainty is also quantified through a multiplicative

penalty factor on the deductive result using best parameter e~timates

[65], The statistical model,then, requires estimates of the following

parameters:

OR = estimate of the mean value of resistance ~R

SR = estimate of standard deviation of resistance OR



162

iN (i o- ~R)/crR = estimate of lower truncation point of thf>
o normalized resistance measure

iN estimate of maximum possible reduced site intensity
1

~tnA = mean of in~o (the natural logarithm of the mean rate
o of occurrences of site intensities larger than uR)

0in ,\ = star.dard deviation of inA
" ~ 0

\J
SN

:: mean of ~N {decay parameter in equi1tion (4.8)

06 = standard deviation of SN
N

~ correlation coefficient between SN and £n A
o

'oJ = a "confidence parameter" on the estimates ~ anel Sp"

(For ~R and OR known. the norma~ized resistance
n 1/2 R-~R

R' = (n+l) (~)
R

has a predictive t-distribution with v = n-l degrees
of freedom. n is generally associated with the num­
ber of observations in a statistical sample of a ran­
dom variable which is used to estimate mOOlents of a
distribution. The smaller n (or v = n-l) is. the more
uncertainty in the ~ and OR estimates QR and SR')

To arrive at a reliability estimate for a Massachusetts site.

Veneziano assumed the fol1o~ing values of the above parameters:

'"~R = 9.5

ElCp( \.IRn>.. )=
o

SR = 0.75

.45xlO-5(.292xlO-8)

v = 10(5)

a
nA = 1. 6 \ 3.49 )o

iN = -5
o

P = 0.75(.51}

iN = -1(4) \.IS = ~.4 Us = 0.2 (.3)
1 N N

The resultant mean annual failure rate is 1.23xlO-5. If a pessimistic

set of the parameters (given in parentheses) is used. ~he corresponding
failure rate is 5.92 xlO- 5. It is important to note thct lJR was estih.a­
ted as follows. For Mass3chusetts MMI SSE = 8 was postulated. then.
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accepting the WASH 1400 conclusion that the probability of failure of a

reactor system or component subjected to the ~SE is in the range 10-1 -
-2 ~

10 ,a corresponding ~R was chosen. Similar values for PF/ SSE were esti-

rna ted herei n (se~ Fi gure 4.3), but Newmark has sugges ted fai lure probabil­

ities for rj'Jclear reactor equipment under the design earthquake, of the
. f

order of 1(-2 ~ 10-4 or smaller. Also, since SR statistics are available

only for ordinary buildings, Veneziano used SR estimates inferred from

Newmark [46:1.

It is to be noted that Vene,iano believes that hi~ fai1ure e~timates,

"refer to the mean annual rate of accident initiation in a specific IIOde,"

and are not assessments of the overall system reliability.

SlJolMARY

The two approaches summarized and the one developed herein are basic-

ally heuristic hI the sense that each primarily illustrates the uncertain-

ties involved irl a methodology for systematically arriving at reliability

estimates. An argument will not be made regarding the relative merit of

each overall reliability estimate, although a significant difference exists

in es,imates of the failure probabilities conditional on the design earth­

quakes. Newmark generally states values which are two or more orders of

magnitude smaller than those stated by WASH 1400 [47], Veneziano [65] and

herein.

It is important rather to summarize the 1imitatl~ns of each of the

methodologies. Newmark's failure estimates are clearly very d~pendent on

the "total factor of safety" or on the ratio mR/mW Quantitative analYses
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to substantiate the individual contributions to this overall factor of

safety have not, to the present. been published. Assessment of the t~ta1

failure probability with Equation (4.5) is unconservative. Effects of un­

certainty in stl'uctural modeling have not been quantified.

Veneziano does not explicitly consider individual sources of uncer­

t3inty within either risk or resistance and. as such, indicates no direc­

tion for minimizing uncertainty rr risk. The parameter estimate OR im­

plicitly acknowledges the validity of the WASH 1400 estimate of the proba­

bility of system failure given the design earthquakp.

The method developed herein treats only elastic systems. Uncertainty

in thp strength measure has not been totally quantified even for a plane

frame. Local site modification and soil-structure interaction effects have

not been considered, although variation of the frequency content may in­

directly account for such effects. The methodology ~p.comes increasingly

expensive as the numbpr of degrees of freedom (or the number of load effect

distribut.ions to be computed) increases. Additional conservathm due to

the treatment of the NBK spectra as component spectra has not been con­

sidered. Stati~tical uncertainty may only be quantified by simulation,

i.e., by performing repeated analyses for alternate parameter values.

4.5 SYSTEM RELIABILITY

Within the context of t~c three idealized 4-DOF systems considered

herein. the follcning question may be asked: "What is the prolMbility

that yielding will not OCCllr in any of the stories?" Choosing to define

the model as a series Jr weakest link system in which failure of anyone
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of (only) four modes (yielding of a story) is considered a system failure.

bounds on the "system reliabilitY"ll'lay be established [10]. Such bounds

are given by Equation (4.9):

M
MAX Pl· < P
i-l - System

Fa i1 ure

<

M

I Pi
i =1

(4.9)

where M = Number of fail ure modes (J)

Pi = Marginal probability of failure of story (or mode) i.

The lower bound of the inequality is based on the assumption of per­

fect stochastic dependence among failure modes. whereas the uppel' bound

implies complete independence of the failure modes. for the three models

considered (designed using the NBK spectrum with ades .= 0.29 and ~des.

0.02 and with an assumed normal strength distribution with k = 1.5 and

Vc = 0.10). Table 4.9, derived from Tables 4.5 and 4.6, summarizes the

bounds of system reliability under the assumption of the Cornell-Merz

selsmic risk curve (Figure 4.11).

4 1~'AX p. Pi
i =1 ' i =1

T, = 0.317 3.3 8.9

~0~3~~ 2.1 6.8
-- --

T1 = 1.13 4.5 12.3

TABLE 4.9 - BOUNDS TO SYSTEM FAILURE PROBABILITIES * 106

It may be noted that Vanmarcke [63] proposed an approximation which

incorporates the effect of dependence between any two pairs of modes
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through the coefficient of correlation between their modal safety margins,

defined by Equation (4.10) as the modal resistance Ci minus the modal load

effect 0i'
M. ;: C. - O.

1 1 1
(4.10)

However, given the sensitivity of the marginal modal failure estimates

apparent in Figures 4.4 throu1h 4.9 and the simplicity of the model (i .e.

the small number of fai lure modes) the bounds in Table 4.9 are believed

sufficiently close. Further, assuming much greater coefficients of varia-

tion of load effects than those of resistance. modal safety margins can

be expected to be highly correlated. implying that the system failure proba­

bility is closer to that of the lower bound. In effect. if one mode or

story survives a~ earthquake, the implication is that a high load is not

present and that the remaining modes or stories \'1ill also survive.

l.6 CONCLu~!ONS

Probabilities of exceeding limit-elastic interstory distortions for

three models were computed herein. An NRC-like seismic design methodology

was used to obtain strength estimates. i.e .• the NBK spectra normalized to

ades .;: 0.29 were used to compute seismic design load effects.

The sensitivity of the probability estimates to the parameters which

define the strength distribution, i.e .• Vc and mc (or k) as well as to

r;d and the seislnic risk curve was examined. The sensitivity of theec;.

probability estimates to the parameters which control the load ~ffect dis-

tribution, i.e .• TiTc' Z:. S' • wg• was not quantified.

It is observed that, given the same design assumptions. the implied
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reliability of the Tl ; 0.377 sec. and Tl ; 1.13 sec. models is not equal

but rather is ~omewhat smaller for the longer period structure.

Contributions to overall story probabi 1i ties of failure arise from

the entire range of possible site intensities. Small intensities may even

make dominant contributions if the variation in the strength measure is

high and the strength probability distribut10n is not truncated. The mag­

nitude of the coefficient of variation of strength, V • then, affects proba-r.
bility of failure contributions from small intensities the most. whereas

contributions from design level intensities are relatively insensitive

to Vc ' Conversely, uncertainty in the locatior. of t~le m~a~ strength mc
(or k) has similar effects throughout the intensity range. implying that

in comparison with Vc it is of greater importance in co~trolling contribu­

tions at design level intensities.

The seismic risk uncertainty. as conventionally believed. does cause

the greatest variations in reliability estimates, although for the 1, ;

1.13 sec. model, changing ~d from 0.02 to 0.05 caused approximately thees.
same increase in overall story failure probability estimates as that caused

by increasing the seismic risk to 1.5 times that given by the Corne"-Merz

curve.

A direct interpretation of the failure estimates derived herein in

terms of nuclear power plant seismic safety cannot be made. It is noted,

however. that significant differences exist among alternate estimates of an

equivalent central safety factor for nuclear power plants, given the occur-

rence of the design earthquake. Newmark assumed that the ratio of median

resistance to median hazard is significantly higher than that estimated by

Veneziano or that computed herein for the simple T, ; 0.317 sec. model.
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CHAPTER 5

COMPARISON OF METHODS

5.1 LIMITATIONS

5.1.1 Alternate Structural Systems and Optimization

The design process initially involves a choice of an overall struc­

tural system to resist appl;ed loads. It is asstMlled that. at least ini-

tially. the objective is not to compare the effectiveness of alternate

structural systems nor to consider optimizing the overall cost of seis-

mic protection or any other "utility function." Rather. it is assumed

that a structural systen, has been chosen and that the focus is on the sub-

sequent phase; i.e .• the iterative process of proportioning member stiff-

ness and s~rengths. performing ~n~lyses to compute load effects and re­

proportioning members to resist the chosen critical design load effects.

In the latter phase. performance criteria must first be chosen. an analyt-

ical model formulated, arpropriate loadings specified, and design load

effects chosen.

5.l.? Alternate Performance Criteria

A structure may be designed to resist extreme loads such as earth­

quakes by performing in the elastic or inelastic ranges (see also Chapter

3). For purposes of definition, the following perfonnance criteria are

stated:

~UCLEAR REGULATORY COMMISSION: Define two seismic load levels;
the structure must perform within "wClrking stress" ranges when
subjected to the lesser load; the structure may perform up to
"yield stress" levels when subject to the higher load.
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UNIFORM BUILDING CODE-ATC [69]: Allow inelastic action but
prevent significant structural damage in a moderate earthquake.
prevent collapse in a severe earthquake. (It should be noted
that dual-level seismic loads and design criteria have also
been proposed (oonovan [17]) for "ordinary" building structures
and that, in general. revision of the above criteria is contin­
ual, see ATC-3 [20J).

The choice of criteria constrains choices of structural models, methods

of specifying loadings, methods of analysis and choices of design load

effects. Work performed by Biggs [11], Roesset ar.d Pique [48],et al .~29.12,79]

has focused primarily on developing design procedures consistent with

UBC-ATC performance criteria. The assumption is made herein that altern-

ate ,nethodologies within NRC-like criteria will be examined.

5.1.3 Dynamic Models

Two-or three-dimensional lumped mass models having varying degrees

of freedom (and which mayor may not include the local soil) are used.

The simplest elastic dynamic model is a close-coupled two-dimensional

MDOF system classically representing the shear beam type of behavior.

It, exclusively, will be considered herein. It must be noted, however,

that use of such a model together with the NRC-like performance criteria

poses difficulties in interpretation of results. This is true because

in general much more complex 3-D ,since NBK design spectra are defined

as component spectra} models are us~d for nuclear power plants.

5.2 BASIC METHODS USED FOR OBTAINING LOAD EFFECTS

The focus here is on defining methods of obtaining dynamic load

effects which are can be used; i.e., response spectrum analyses, time

history analyses. or random vibration techniques.
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5.2.1 Response Spectrum Methods (RS)

An outline of alternatives associated with the use of re~?onse

spectra may be as follows:

I) Definition of Sp~ctrum

A) Type
1) NBK [45 ]

2) Smoothed m, m+a, or fractile of all arbitrary set of
recorded response spectra

3) McGuire "constant risk" response spectra [43]
B) Intensity

1) Normalization to peak ground acceleration amax
2) Other intensity measures (vrnax ' dmax ' etc.)

II) Point of application of spectrum
A) Ground level
B) Foundation level
C) Bedrock (use of augmented model)

III) Treatment of spectrum as a component or resultant

IV) Method of modal superposition and number of modes considered.

5.2.2 Time History Methods (TH)

Alternatives available within time history techniques are:

1) Real time histories (RTH)

A) Number and type of real earthquakes
B) Choice of intensity (amax )
C) Choice of dominant frequency
D) Choice of response level for design lm, m+cr)

II) Artificial time histories (ATH)
A) Number of earthquakes
B) Types

1) Randoii' impulses and other methods

,



1/1
2) Superposition of sinusoi1s

a) Frequency content (stationary or non-stationary)
i) Band limited white noise

ii) Kanai-Tajimi (filtered white noise)[39]
iii) G(w) derived from a smooth target response

spectrum [73.36]
iV) Geophysical prediction of If(w)1 or G(w) [8]

b) Time variation - duration of motion
c) Intensity of If(w)1 or g(w)

i) Obtained directly from Sv to G(w) conversion
ii) H, 0 (or seismic risk) to amax to 0a to K-T G(w)

[30]

iii) Geophysical prediction from M. D. depth. and
length of rupture

d) Other acceptance criteria
i) Matches or envelopes a target Sv (with or with­

out specified smoothness)
ii) Matches peak acceleration

C) Choice of response level for design (m. m+o)

5.2.3 Random Vibration Methods (RV)

Randnm vibration techniques may be broadly classified as follows:

I) Formulation to obtain RMS response
A) Time doma i n

B) State space approach
C) Frequency domain

1) Frequency content of input (stationary or no~station­
ary

a) It,) Same as for artificial earthquakesc)
d)

2) Intensity

~~ ~ Same a3 for artificial earthquakes
c) J

3) Duration Jf strong motion
II) Formulation for approximate first passage problem solution[26.61]

III) Choice of design load effect.
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5.3 COMPARISON OF METHODS

5.3.1 Previous Work

Figure 5.1 summarizes the methodology used in reference [72] for

comparing load effects obtained through alternate methods. Statistics

of load effects were computed for three plane, 4-DOf shear beam models

(two are the same as those defined in Table 2.5) with deterministic

periods(Tl = 0.377, T1 = 1.13. Tl = 2.26) and damping (~ = 0.02). The

main conclu~ions regarding the moments of the calculated load effects

were as follows.

Means

Methods 1. 3, 5, 7 equally well predict mean load effects for all

three structures. Method 4 also yielded comparable mean values. It

must be noted that the methodology to arrive at G(w) from Sv was that

developed by Vanmarcke and described in [36]. Also, the artificial time

histories wpre those generated using the program SIMQKE, which is docu­

mented in Reference [36]; the program is essentially based on the work of

Hou [30]. The random vibration formulation was the same as the one de­

scribed in Chapter 2.

Coefficients_of Variation (Covj

Methods 1 and 7 yielded essentially equal cav's for all responses.

The COY's generally decreased with decreasing fundamental period, pri~ar­

i1y because of the normal;z~tion of the responses to peak ground accelera­

tion [72]. Methods 3 and 4 also yielded essentially equal COV's, but for

the three models considered. their values were significantly smaller than
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those obtained through methods 1 and 7. The salient reason for the dif-

ference is clearly that all the artificial motions and the random vibra­

tion analysis used a single frequency content and duration. whereas the

39 real time histories and their corresplnding response spectra reflect

a range of frequency contents and durations. Chapter 2 presented a

method to essentially reconcile the observed load effect distributions

using method 4 with those achieved through methods 1 and 7. As T ~ O.

a problem of interpretation does arise; the COV's derived through methods

and 7 approach zero (because all ground motion representations were

nonmalized to ~cak ground acceleration). Conversely, random vibratioll or,

equivalently. multiple art;ficial time histories deri\ed from a common

spectral density function. imply a random peak acceleration and hence dis­

tributions of responses as T ~ O. For artificial motions the generated

peak ground accelerations (for the 15 motions generated [72]. 74.1 in/sec2

~ a
max

~ 118.1 in/sec 2; amax • 94.3 in/sec2; atarget • 116 in/sec 2)

are artificially (aisea ~- lowered to provide a perfect match [72]. The

random vibration methodology has not been similarly modified to aCCGunt

for non-random amax as T + O.

The coefficients of variation obtained through methods 3 and 4 are.

however, significant in that they indicated the possible variation in

response due simply to the random phasing of the motion.

5.3.2 Additional Work

Design load effects (and their variability) from alternate analyt­

ical methods and. if possible, failure probabilities for resultant designs

I"
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are to be compared. The assumptions of a common dynamic model and ~­

ditiQnality on peak ground acceleration ar~ made. It is apparent that

analogous methodologies must exist in RS and TH analysesi for example,

if El Centro is chosen as input to a TH analysis, thp. analogous proced­

ure would be to use the El Centro RS in an RS analysis. The only differ-

ence between the two methds is t'le uncertainty in modal cOOlbination

(which is not to be examined) and the practical limitations of RS analy­

sis output (e.g., it does not gi~e a time history of floor acceleration).

In the limit this is also true for a response spectrum analysis using the

NBK spectrum and an artificial time history which matches (assume per-

fectly, after smoothing [36]) the NBK target spectrum. Accepting the

same information regarding excita+ion, then, RS and TH methods are equally

variable (this is evident in the response statistics summarized in Refer­

ence [72]). If comparing a RS analysis using (for example) the NBK spec-

trum and a time history analysis using a randomly chosen record, it is

important to recognize that the two methodologies represent different

information levels regarding the seismic threat.

5.4 COMPARISON OF METHODS - RESPONSE SPECTRUM ANALYSES

Three possible deterministic design procedures may be as follows:

1) Use the NBK spectra normalized to an amax applied as resultants
(for a 2-D model) at the foundation level.

2) (As proposed for the West Coast [13,37]) choose a set of RS cor­
responding to a chosen set of normalized likely earthquakes (a~
determined from expected magnitude, depth of shock, distance and
type of and length of rupture, etc.). Use the smoothed m. m+~,
or m+2o spectra for computing design load effects.

3) Use "constant risk" spectra as proposed by McGuire [43].
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McGuire d':!ve1oped [43] an approach to predict site response spectra

frOO1 regression equations based on computed response spe·.:tra of observed

records. The independent variables used for prediction are the magnitude

and hypocentra1 distance. (Separate regression analyses, with magnitude

fixed, were performed on records from the 1971 San Fernando earthquake).

The means of the distrib~tion~ of responses a~e obtained from th~ regres­

sion equations; the varlonces are obtained from the variances of residuals.

and the variances of the logarithmic regression lines. The means ana

variances are used to fit lognormal distrihutions; proper fracti1e re­

sponse s~ectra may then be chosen for design.

The approach is appealing, but regression analyses must be performed

for a set of frequencies and damping values (although McGuire suggested

performing regression analyses on 2% dampeu responses only and scaling

the resultant mean spectrum to obtain spectra for other damping values).

In lieu of such extensive work, McGuire further sugge~ted that such con­

sistent risk spectra may be derived through regression analyses on only

two parameters: d max (the one parameter conventionally used) and the maxi­

mum pseudo-velocity response of a 1-DOF oscillator with f = 1 Hz 0, j

~ = 0.02. The latter parameter (or any other Sv value) has not ~een

related to MMI data, and hence the approach remains tJ be develoJed for

the Eas tern United States.

Alternatives 1 and 2 are, in reality, similari NBK have simply chosen

their own particular set of earthquakes and the corresponding m+a spec­

trum for design purposes. Absolute judqement regarding the applicability

of the NBK design spectra, versus. say, spectra derived through method 2,
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or the m+a spectra for the 39 earthquakes of Reference [72~, or the

Cornell seismic design spectra for Boston [6 J, cannot be made for most

sites. Each set of spectra reflects a different ass~ption regarding

the seismis threat. Only for a few sites, Mexico City may be one, is

the geophysical understanding of earthquake occurrences sufficient to

define clearly better site design response spectra than those given by,

say, NBK. By visual com~arison the relative conservatism of alternate

design spectra is evident and corresponding probabilities of failure can

be computed for a specific structure, but the basis (e.g., an earthquake

set) used to define the seismic threat (i.e. to arrive at distributions

of wg and S' as in Chapter 2) in order to cOOlpllte probabilities of fail­

ure, i 5 arb i t ra r,y •

Herein, the relative importance (ir terms of the resulting story

\>ro!:'rl;)i 1i ty of failure) of using the mean or m+cr or the m+2Cl RS (,f a

given ~et of earthquakes (which is arbitrarily assumed to def;ne the site

seismic threat), is quantified.

For the two dynamic models described in T~b1e 2.5, (T l : 0.377 sec.

and T1 = 1.12 sec.), design interstory distor~ions were, therefore, com­

puted using four diff~rent spectra. The first three were the m, m+cr, ~nd

the m+2a spectra (for I;, = 0.02) correspond; :lg to ~he 39 earthquakes c f

Tab'le 2.2. Figure 5.2 fran Reference [72J, show~ the r.1 and the m+cr spec­

tra nonna1ized to O.Jg p~ak ground acceleration. The fourth spectrum

w~s the 2% damped NBK design s~ectrum as shown in Figure 3.6.

Compu1:ed c'.esign interstory disto{'tion~ (D~) arp sumnarized in Table

5.1 for ades . ". J.1g. It -is tc be l10tpd that for the T: 1.13 sec. model,

the m+20 spe:.':rum load l~!"fects are smaller than those of the NBK spectrum.
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Story NBK m of 39 m+o of 39 m+2a of 39

1 .255 .164 .2156 .2674

2 .225 .1445 .190 .236

3 .1665 .107 .1406 .174

4 .0896 .0575 .0757 .0938 I

a) T1 = 0.377 sec.

Story NBKI--:-
i

1 1.0873 I

f--
2 .959 I

f----- f---- - - L ___
I

3
.709 _1

4 -~3816- -
'---

b) T1 = 1.13 sec.

TABLE 5.1 - DESIGN INTERSTORY DISTORTIONS (in)

t ;; 0.02. ad ;; 0.1 9es.
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Load effect distributions were calculated as described in Chapter

2 wah the parameters 11' 7;. ToITc' S' log norma lly di s tri buted with m(Jll­

ents given by Table 2.8. The strength measure. yield interstory distor­

tion. C. was assumed to be normally distributed with moments:

mc = k * DO = 1.5 * DO

Vc = 0.10
(5.1)

The above estimates are equal to those used in Chapter 4 and are based

primarily on the calculated moments of the structure designed in Chapter 3.

The sen~itivity of the resultant failure probabilities to the above param­

eters was partially quantified in Chapter 4. The seismic risk curve for

Boston as developed by Cornell and Merz (see Figure 4.11 ) was again used

to compute overall failure probabilities.

5.4.1 Conditional Failure Probabil ities

Figures 5.3 and 5.4 depict conditional failure probabilities for

the first floor in each of the models. given the ~ccurr~nce of an excita­

tion with intensity a/ad . It is to be noted that the conditional riskses.
for the NBK spectrum are closest to those of the m+2a spectrum of the 39

earthquakes. Further. for all of the spectra. the implied conditional

risks vary with fundamental period Tl ; i.e .• they increase as Tl increases.

This is primarily a result of normalizing the spectr'a with respect to amax ;

COV's of responses increase as Tl increases. Conversely. in the limit. as

T + O. all spectra should have a common conditional risk curve.
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5.4.2 Overall Failure Probabilities

Tab1es 5.2 and 5.3 show overall failure probabilities for designs

corresponding to each of the four spectra. Three design accelerations were

used. with yearly probabilities of exceedance.as predicted by the Corne11-

Merz seismic risk curve, given in Table 5.4.

ii P[a -=-- ao]a

.1 9 9 x 10-5

.15<1 4 x 10-5

.20g 2 x 10-5

TABLE 5.4 - OESIGN ACCELERATIONS AND ASSOCIATED CORNELL-MERZ
EXCEEDANCE P~OBABILllIES

As for conditional risks, overall failure probabilities increase as

T1 increases. Again. this is because normalization to peak ground accel­

eration forces all spectra to converge as Tl + O. As expected then, the

differences in resultant failure probabilities are greater for the Tl =

1.13 sec. structure.

Alternate ades .

For the sa~e spectrum, an increase in ades . from 0.11 to 0.2g clearly

decreases the resultant failure probabilities by factors ranging from =7

to ~ 11. As expected, the decrease is generally greater for the T = 1.13

sec. structure.

Alternate Spectra

For the same design acceleration, use of a more conservative spec­

trum decreases failure probabilities by a factor of ~ 10 for the T = 1.13

sec. structure and by a fac~~r of z 4 for the T =0.377 sec. structure.
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Story NBK I m of 39 m+a of 39 m+2a of 39

1 1.3 4.4 ~. 1 1.2
2 1.2 4.1 1.9 1.1
3 1.4 4.8 2.3 1.3

4 1.7 5.7 2.6 1.5

ades . = 0.1 9

Story NBK m of 39 "1+0 of 39 m+2o of 39

1 .42 1. 45 .69 .36
~2 .38 1. 3'5 .64 .33

3 .46 1. 58 .75 .40

4 .54 1.84 .88 .47

ades . = 0.15g

I
m+o of 29 m+2o of 39Story NBK m of 39

1 .16 I .63 .28 .13
2 .14 .59 .25 .12

~----.
3 .i7 .69 , .31 .15

4 .21 .81 I .37 .18
- --

ades . = 0.2g

TABLE 5.2 - OVERALL FAILUr.f PROBkBILITIES (*105) FOR
ALTERNATE DESIGNS. T1 - 0.377 sec. Model
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Story NBK m of 39 m+<J of 39 m+20 of 39

1 2.1 21.3 5.9 ~.8

2 1.9 18.7 5.2 2.5
3 2.4 24.5 6.7 3.1

4 3.2 35.4 9.3 4.2

ades . = 0.19

Story NBK m of 39 m+<J of 39 1r;+2o of 39

1 .67 6.1 1.9 .91
2 .59 5.5 1.7 .80
3 .77 7.0 2.2 1.0
4 1.1 9.8 3.0 1.4

ad = 0. 159es.

Story i~BK m of 39 m+v of 39 m+2o of 39

1 .26 2.2 .8' .36

2 .22 2.0 .72 .32
3 .30 2.5 .94 .42

4 .45 3.2 1.3 .61

ad = 0.29es.

TABi.E 5.3 - OVERALL FAILURE PROBABILITIES (*105) FOR
ALTERNATE DESIGNS. T1 = 1.13 sec. Model
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5.5 COMPARISON OF METHODS - REAL TIME HISTORIES

Not considering choices in the intensity or dominant frequency of an

earthquake. there rema ins to choose the exact earthqualres used for ana 1ys is.

the;~ number and the des;gn loaa effect. The relative conservatism of

using 1.2, ... n "accepted" motions (El Centro, Taft. Golden Gate, Park­

field, Helena. etc.) is likely to be a function of the nominal periods of

a structure. That is. where a computed load effect due to. say. El Centro.

lies in a total conditional distribution of load effects depends on the

periods of the structure. Therefore the effectiveness of multiple time

history analyses using specific earthquakes cannot be established a priori.

Rather. one is limited to developing probabilistic statements regarding

the effectivenss of using n arbitrary earthquakes.

In general. load effects from n arbitray·y real earthquakes (all

normalized to an intensity measure) can be viewed as a sample of n random

variables assumed to be independent and i :entically aistributed. Functions

of the sampl''!, such as the mean or the maxilllUm value are generally called

sample statlstics and can be viewed for purposes stated herein as alternate

design strategies. The implication of such alternate strategies in terms

of the design load effect di~tribution and the conditional failure proba­

bilities may be partially quantified as follows.

5.5.1 ~trategy: Choose Mean of n Load Effects for Design Purposes

This is equivalent to a basic problem of statistical estimation [15].

Th~t is, the moments of the sample mean are desired. It ~a~ be shown that,
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2o = Random (Q.emand) load effect (mo, o~,

DO = 1 ~ D..
n i=l I

and the 0i are mutually independent, then

(5.2)

The moments mOO and 0 DD are independent of the form of the distribution

of O. It ,s further notE'd that, if n is large, by the central limit

theorem, no matter what the distribution of 0, the sample mean will be

approximately normally distributed. The likelihood o~ using a design load

effect close to the actual mean load effect increases as n increases.

Conversely, thp probability of using extreme design load effects signif­

icantly below or above the mean decreases Figure 5.5 illustrates these

points.

If 0 is normally distributed (and hence also DO} Table 5.5 indicates

probabilities of choosing a design demand within different ranges of the

load effect distribution. For example, if the mean load effect of four

arbitrary earthquakes is chosen for design, there is an a priori probabil­

ity of 0.955 that such a design demand will be within plus or minus one

standard deviation of the mean of the load effect distribution.

Conditional Failure Probabilities

It is customary to express reliability, R, as

where

R = P [M ) 0]

M= c-o
(5.3)
(5.4)
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Go DO aD
[rnO - GO ~ DO P[rnO . 20D~ 00n P[rnO - 4 ~ P[rnO - "2 :. DO

°0 a s.. rnOTaO] s.. rnO+ 20'0]2 rno + 4]
~ rno + ~]

- -~ ---- - --- ~----- ----

1 .107 .383 .683 .955
--

2 .277 .520 .843 .994
--- - --------- --
3 .335 .613 .917 .9994

4 .383 .683 .955

5 .424 .734 .974

TABLE 5.5 - A PRIORI PROBABILITIES OF DESIGNING WITHIN VARIOUS RANGES
OF THE TOTAL LOAD EFFECT DISTRIBUTION

FIGURE 5.5 - DISTRIBUTIONS OF SAMPLE MEAN FOR DIFFERENT SAMPLE SIZES
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and where C is the random strength or f.apacity. It can be st.;;wn [ 3] tha t.

if C and 0 are normally distributed and uncorrelated:

aM
V = - =
M ~

(5.5)

and
(5.6)

where Fu is the cumulative distribution function of the standardized normal

variable U.

Given mO' 0 0 then, safety is a function of me and 0C' It is here

assum~d that Ve is a constant and that me is a function of t~e design load

effect (or Qesign ~emand). 00. Specifically. it is assumed that

me = k * DO

as illustrQted by Figure 5.6.

(5.7)

........
oD
lC

oD
o
~

0..

"\
C or 00

FIGURE 5.6 -STRENGTH OISTRIBUTlONS IN RELATION TO DESIGN LOAD EFFECT
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The conditional probability of failure i~ then:

(5.8)

and the overall a priori probability of failure can be numerically cal­

culated by

As an example. assuming:

1:
All 00

P[DD] * PFI DG (5.9)

k = 1.5

mD = 10.0

Vo = 0.15

Vc =O.lO

the overall a priori probabilities of failure may be c1iculateu for sev-

eral value:; of n. Figure 5.7 !>hows the results. :t can be noted that

with this strategy (and under the assumpt~ons made), even in the limit

(as n • 00), the probability of failure decreases only by a factor of

~ 5. If n = 4 the probability of failure is decreased by a factor of ~ 3.

However. the assumption of a nJrmal distribution for demand may not be

rea1i s tic.

5.5.2 Strategy: Choose the Ma;dmum of n COlllputed Load Effects for

Design Load Effect

The lmplicatiorls of choosing for design [lurposes the maximum of a

sample of computed load effects may be part131iy quantified as follows.
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n
DO = MAX (0

"
O2 .... 0 )

i=l n
(5.10)

rf all the 0 are independent and identically distributed random variables.

then:

and

FOO(dd) = (Fo(dd»n

foO(dd) = n(Fo(dd»"-l fD(dd)

(5.11)

(5.12)

Assuming D is N(mo.a6). Table 5.6 shows probabilities of choosing load

effect values DO in different ranges of the total load effect di~tribu­

tion for several values of n. As an example. if four arbitrary time

history analyses are performed and the maximum load effect is chosen for

design. the a priori probability is ~ .5 (given our assumptions) that a

load effect ~ m+0 will be chosen for design.

Assuming 0 is lognormal'y distributed with Vo = 0.75. then Table

5.7 indicates correspond;ng prcbabilities of Choosing design load effects

in several ranges of the 0 distribution. Vo = 0.75 is a value close to

those obtained for the inters tory distortion responses of the T, = 0.377

sec. and T, = 1.13 sec. models in Chapter 2. Assuming the first story

relative displacement response of the T, = 1.13 sec. model (Fig. 2.16) is

lognormally distributed with mO = 0.63 and Vo = 0.75. Figure 5.8 indi­

cates the variation in the design load effect (DO) distribution with n.

Conditional Failure Probabilities

Assuming both demand 0 and capacity Care lognormally distributed.

it is convenient to let

F = C/O (5.13)
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.00673

.00404

.00539

.00270
--- -------;

--- ----- -~--~-~

P[DD > mO+ laoJI
~---~~---

.00135

P[DD :> mD + 20uJ
.0228

.0450

.0667

.0880

.109

----,.------- -~-~

59

92

405

99

79

--

n P[DD > -nJ p[OO :>

-~ ~---_ ..~------

1 .500 .,
~ ----_.~~-- I-

2 .750 .2.
"--- -------- f--

3 .875
1----- --

4 .938 .4
f-- - --~~-----_._---- - -

5 .969 .5

TABLE 5.6 - A PRIORI PROBABILITIES OF OESIGNING WITHIN VARIOUS RANGES OF
THE TOTAL LOAD EFFECT DISTRIBUTION; NORMALLY DISTRIBUTED

DEMAND

r. P[OD :> mD] P[OD > mD+ ao~~ > mO + 2aD] P[DD :> mO+ 3ao]

1 .369 .121 .044 .0180

2 .602 .227 .0861 .0356

3 .749 .320 .126 .0529

4 .842 .402 .165 .0700

5 .900 .474 .202 .0866
---- ~-

TABLE 5.7 - A PRIORI PROBABILITIES OF DESIGNING WITHIN VARIOUS RANGES
OF THE TOTAL LOAD EFFECT DISTRIBUTION; LOGNORHALLY

DISTRIBUTED DEMAND; YO • 0.75
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and then the reliability, R, may be expr~ssed as

R = P[F ~ I] = 1 - ~[f < 1] (5. 14)

Then, since ,nC, VlO. and tnF are nomany distributed, the probability

of failure is given by:

P = F ( _ 1 ) = F ( mVlO - mtne ) (5. 15)
F u rr:::;:-F U I 2 + 2

.... ' "0 tnC "t."O

where Fu is the COF of the standardized normal variable. Further, since

for a lognormally distributed random variable, X:

C1~nX = tn(Vx + 1)

1 z = '"mtnX = tn mx - 1 (JtnX U1 mx

equation (5.15) may be expressed as

(5.16)

1 (Vl+l)
U1(mn,mc) + 1"n \~

IU1(Vd + 1)(Vl + 1)\

(5.17)

Making the additional assumption

(5.18)

conditional a priori failure probabilities may be estimated using Equa­

tio~~ (5.9) and (5.17). As an example, the conditional (on amax = 0.1 9)

first floor relative displacement load effect (~emand-D) of the T = 1.13

sec. model is assumed to be lognormally distributed with moments as calcu­

lated through random vibration analysis (Chapter 2, Figure 2.28.)
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i.e., mO = 0.63 in; Vo = 0.74. Strength is also assumed to be lognormal

with Vc = 0.10 (therefore the distribution is very close to normal).

Assuming l = 1.5 in Equation (5.18), Table 5.84 shows the variation in the

resultant conditional (on amax = O.lOg) a priori failure probabilities

of the first floor as a function of n, if tne strategy of choosing the

maximum load effect of n is followed.

n P[F\a = 0.19]

1 .335
2 .185

3 .123

4 .0907
5 .0708

1
Design P[Fla '" .19]

Spectrum

mean . 32
m+o .130

m+2a .062
NBK .044

a) b)

TA~LE 5.8 - COMPARISON OF A PRIORI FAILURE PROBABILITIES FOR VARIOUS
DESIGN STRATEGIES

Accepting the above assumptions, conditional failure probabilities ob­

tained through such a strategy may be compared with those obtained for

alternate response spectrum designs as tabulated in Table 5.8b (taken

from Figure 5.4). The implication is that for the model considered,

choosing a maximum load effect out of 3 is a priori (on the average)

approximately equivalent, in terms of resultant conditional failure proba-

btl Hies, to using a m+l1 design response spectrum.
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5.6 COMPARISON OF METHODS - ARTIFICIAL TIME HISTn.~IES

The comments herein are based on earthquakes generated by the pro­

gram SIMQKE [36] which are considered to be representative of current

practice. Briefly. such artificial earthquakes are normally based on a

G(w) and intensity derived from a smooth target Sy; non-statlonarity is

simulated by a detenninistic trapezoidal time envelope of ;n1ensity.

Res~ltant spectra match, on the average. the target response spectrum.

~an:iOlll peak acce1era t ions are adj usted to pe rfec t 1y ma tch the ta rge t

a~~ The COy's of responses calculated through multiple artificial

timF history analyses may ~ormal1y be decreased by modifying G(w) [36].

Similar strategies to those described for real earthquakes may be

followed for artificial ~arthquakes. Qualitatively, if the strategy is

to choose the mean of n1 artificial time history (ATH) responses, in the

limit, as n, grows large, the design load effect and the associated prQba­

bilities of failure approach those computed for the target response spec­

trum design. Therefore, it is evident that the conservatism of the tar­

get spectrum determines the conservatism of such a procedure. As an

example. if the target spectrum is a mean spectrum. and

0, :: Random Demand Computed from Artificial Earthquakes

then
mOO = m~ '" mO (5.19)

~1

0 2
0

2 ?

°1 (r
2 _ 0 0 (5.20)GOO - n ::

1 °1(°0'°°1) "1 (Vo IVO ,2
1.
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2
Therefore (see also ~quation (5.2») "1 -n/(Vo/V D1 ) artificial eartt.·

quakes decrease the uncertainty in the desired mean load effec~ to that

otta i ned with n real eat' thqua ~~s .

Table 5.6. then. entered with n, * (VOlVO )2 may be used to deter­
1

mine a priori probabilities of choosing a design demand within different

ranges of the totai load effect distribution. Of course as Vo is made
1

small (by "smoothing" [36]. say) the need for multiple analyses disap-

pears ~ VD approaching zero assures that the match is "perfect" and
1

ther~fore a mean (or any other target value) response will result.

Analogous arguments may be made for the strategy of chcosing the

maximum of n arbitrary earthquakes. However. with such a strate~y one

approaches the rel iabi 1ity associated wi th a somewhat higher fracti le

soectrum; th~~~~LfractiJe_a_~~~~e~_i~_deJ>enden..! on VO ' Figure 5.9
- 1

shows schematically the use of multiple artificial earthquakes with dif-

ferent strategies.

5.7 COMPARISON OF METHODS - RANDOM VIBRATION

It is clear that an alternative to the prediction of design load ef­

fects itt RS and TH analyses is to choo~e design load effects (at appropri­

ate fractiles) from the load effect distribution predicted by random

vibration. Figures 5.10 and 5.11 show such distributions conditional on

a = O.lOg for th~ first story distortion of the two model~. Also super­
max

posed on the figures are the design load effects computed from the four

response spectra discussed herein. It is crucial to recognize that the

random vibration distributions were derived corsidering both the period
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and damping of the str~ctures as random variables. Hence the load ef­

fects computed from the mean response spectrum do not necessarily corre­

spond to the means predicted by random vibration. Indeed, the random

vibration distributions include the uncertainty normally accounted for

by "broadeni rg the peaks" [78] of spectra or performing time hi story ana l­

yses using multiple models.

It is apparent that the same conservatism in design may be achieved

by; 1) specifying a lower design acceleration and choosing a high frac­

tile of the conditional floor response distribution; 2) specifying a

high desi1n acceleration and choosing a relatively low fractilp. of the

conditional response distribution or, 1) deriving an unconditional (incor­

porating the seismic risk curve) response distribution first and then

choosing the dp.sign load effec: corresponding to the absolute floor rella­

bil ity.

5.8 SUMMARY AND CO~CLUSIONS

As has been previously observed [43]. reliability impiied oy the NBK

spectrum varies with fundamental period. Analogously, the relative im­

portance of using nonmaiized (to amax ) m, ~'a, or m+20 spectra is also a

function of period. For the Tl = 0.377 sec. model. overall story failure

probability estimates vary only by a factor of 4 as the design spectrum

is increased from its mean to its mean+a value. Similar variations of

design spectra for the Tl = 1.13 sec. model cause an order of magnitude

cha'19~ If' faqu'e probability estimates.



Varying th~ design acceleration has. as expected. a relatively

period-independent effect on overall failure estimates. In general an

order of magnitude change in failure probabilities is noted as ad ises.
doubled from O.lg to 0.29.

The a-priori reliability of a design based on the mean of n load

effects approaches the reliability associated with a design based on

the exact mean. Assuming normally distributed capacity and demand. approx­

imately 851 of the total possible increase in reliability with such a

strategy is achieved with n=4.

Choosing for design the maximum of n arbitrary (TH) load effects

is effective 1n increasing the a-priori conditional reliability of a

structure. It was found that for the T1 = 1.13 sec. structure (assuming

10gnormal1y distributed capacity and demand) choosing the maximum of three

arbitrary time history load effects resulted in a-priori reliability

approximately equal to that of a design based on an M+cr spectrum.

Finally. it was noted that design load effects may logically be

chosen at appropriate fracti1es of load effect distributions predicted

by random vibration theory. As such. random vibration theory constitutes

a complete alternative to response spectrum or time history techniques.



204

CONCLUSIONS AND RECOMMENDATIONS FOR FURTHER WORK

CHAPTER 2

Multiple random vibration analyses, an associated first-passage prob­

lem solution, and the associated stationary (in frequency content) random-

process model for an earthquake, offer a viable alternative for deriving

distributions of elastic load effects. For the two models considered

herein, such distributions (conditional on a ) match distributions ob-max
tained trrough multiple time-history analyses.

Probabilistic models for the two (random) earthquake parameters, cen-

tral frequency, wg ' and strong motion duration, S', must be carefully

defined for a site. It is likely that significant statistical uncer-

tainty remains in such probabilistic models.

For purposes of random vibration analyses, the intensity parameter

amax is not a satisfactory measure of the strength of an earthquake. Pre­

dictive models for intensity measures such as 0a and Ga(w) or Ifa(w)1

ordinates must be developed.

The sensitivity of conditional load effect distributions to the

parameters wg, TolTc' ~i and S' (and their dlstributions) is a function

of the nominal fundamental period of a structure and the response of

interest. The methodology presented herein offers a feasible way to

quantify such sensitivity for any particular model of interest.

Statistical correlations among the parameters (wg ' S', To/Tc/~i) as

well as correlation3 of the parameters with earthquake intensity need

to be quantified.
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CHAPTER 3

Stiffness and strength properties of shear beam models must be

examined further. Studies to quantify the uncertainty in strength

measures due to uncertain failure mechanisms and to individual members'

strength interaction diagrams remain to be performed.

For the simple structure designed (by NRC-like design criteria and

for NBK-SSE seismic load levels) in Chapter 3, the ratios of the mean

story strengths to the design interstory shears was computed to be be-

tween 1.5 and 2.0. The coefficients of variation of the story strength

measures,due solely to uncertain member strengths (Mp},were ~ 0.04. The

assumption was made that strengths (~p) of different members in a story

were uncorrelated; hence such a coefficient of variation is not meaning-

ful for reinforced concrete frames. It is likely th3~ the actual coef-

ficient oi variation for a story strength measure is considerably larger

due to uncertainty in the fai lure mechanism.

CHAPTER 4

Given the design of a structure by NRC-like seismic design criteria,

story failure probabilities given the occurrence of the design intensity

were found to be ~ 2 - 6%. Because of normalization of distributions

to amax ' such conditional fail~re probabilities increase as the nominal

fundamental period of the structure. Tl • incr~ases.

The coefficient of variation of strength becomes an import~nt param­

eter when computing conditional failure probaoilities due to small

intensity levels. Proper evaluation of the mean of the strength measure
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is crucial in determining conditional failure probabilities for the

entire intensity range. Alternate design damping values. sd • ines.
effect imply a shift in the strength distribution in relation to the

conditional load effect distribution (assuming that the distribution of

actual ~ values remains the same.

Seismic risk input. as expected, has the most significant influence

in determining overall story reliabilities~ For a structure designed

by NRC-like seismic design criteria (for dSSE = 0.29). use of a seismic

risk curve for Boston [6 ] firm ground sites yielded story failure proba­

bilities between 1.0 to 5.0 x 10-6. If load effects have greater dis­

persion than resistance measures. modal (or story) safety margins tend

to be highly correlated. implying that the system failure probability

is close to its lower bound.

Failure estimates derived herein cannot be directly interpreted as

indicators of NPP seismic safety. Insofar as inelastic structural be-

havior implies uncertainty in the performance of critical systems, the

failure estimates may be related to the mean rate of accident initiation

(by seismic forces) in a specific mode in a NPP.

CHAPTER 5

Given normalization of design spectra to amax ' the relative impor­

tance (in terms of overall story reliabi1ities) of using the mean. mean

+ 0, mean + 2r or any other response spectra (e.g., NBK) is clearly

dependent on Tl . For the T1 = 0.377 sec. structure examined herein.

overall failure probabilities decreased by a factor ~ 4 if the mean + 0
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rather than the mean spectrum was used for design; for the Tl = 1.13 sec.

structure an order of magnitude decrease was noted. An order of magni­

tude change in story failure probabilities (for the two models) also

results if the design intensity is doubled.

Designing for the~ load effect of n arbitrary real earthquakes

is likely not tr. significantly decrease ~ priori conditional story fail­

ure probabilities from those associated with just using one arbitrary

real earthquake. In the limit, as n grows large, one merely approaches

the reliabil ity of using the "mean earthquake." Designing for the

maximum load effect of n arbitrary real earthquakes is effective in re­

ducing a priori story failure probabilities. For the Tl = 1.13 sec.

structure (assuming lognormal demand and capacity distributions), the

a priori reliability of a story designed for the maximum of three arbi­

traryearthquakes is approximately equivalent to the reliability obtdined

by using the m+a design response spectrum.

The story reliabilities associated with designing for either the

mean or the maximum load effect of n arbitrary artificial earthquakes

is primarily a function of the target resporlse spectrum used to generate

the motion and the inherent variability of responses from statistically

similar earthquakes. The need for multiple artificial time history (ATH)

analyses is preclud~ if: one. :he reliability of a design based on the

target response spectrum is satisfactory and. two. the motions are suf­

ficiently "smoothed" [36 ] to provide very close spectral matches.

Of course if the strategy is to choose the maximum load effect of

n ATH analyses, the increase in reliability over t~at associated with
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the target re~ponse spectrum is an inverse function of th~ variability

of responses from statistically similar artificial earthquakes. i.e.•

it is not reasonable to: one. extensively smooth each artificial earth­

quake. and two. choose the maximum load effect of n ATH analyses.

Random vibration analyses constitute a complete alternative (for

elastic systems) to response spectrum and real or artificial time history

1nalyses. Conservatism may be directly achieved by: 1) choosing a

design load effect at a fractile of a response distribution conditional

on an intensity, or 2) deriving distributions of responses incorporating

sei~~ic risk data and then choosing a design load effect associated with

the desired probability of nonexceedance.

LIMITATIONS

Only elastic systems were considered herein. To obtain reliability

estimates consistent with UBC-like seismic design criteria. inelastic

random vibration procedures must be developed. The methodology described

becomes incredsingly expensive as the numb~r of discrete combinations

of the parameters used in the random vibration ~nalysis increases or as

the number of responses for which distribution are required increases.

Finally. additiollal conservatism inherent in the treatment of design

spectra or earthquakes as components has not been quantified herein.
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