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FOREWORD

At the Sixth World Conference on Earthquake Engineering held
in New Delhi, India, January 10-14, 1977, twenty five papers were
presented by faculty participants and research personnel associated
with the Earthquake Engineering Research Center, University of
California, Berkeley. The papers have been compiled in this report
to illustrate some bf the research work in earthquake engineering
being conducted at the University of California, Berkeley. The
research work described in the papers has been sponsored by several
agencies including the following: National Science Foundation;

National Bureau of Standards; Alyeska Pipeline Service Company.
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CHARACTERISTICS OF THREE~DIMENSTONAL GROUND MOTIONS
ALONG PRINCIPAL AXES, SAN FERNANDO EARTHQUAKE

Tetsuo KuboI and Joseph PenzienII
SYNOPSIS

Using the concept of an orthogonal set of principal axes and applying
both the time and the frequency domain moving-window technique to the
accelerograms recorded during the San Fernando earthquake of February 9,
1971, characteristics of three-dimensional ground motions along principal
axes are determined. It is concluded from the resulting intensity func-
tions and the time dependent freguency contents that realistic three com-—
ponents of ground motion can be generated stochastically as nonstationary
random processes along their corresponding principal axes without cross
correlation with one another in a statistical sense.

INTRODUCTTION

It is becoming increasingly evident that responses of some important
structural systems such as three-dimensional piping systems, nuclear power
plants, highway structures and earthfill dams are significantly affected by
more than one component of ground motion excitation. Because of this
awareness, there will be an increasing demand, in the future, for dynamic
analyses of such structural systems using multi-dimensional ground motions.

A number of stochastic models for earthguake ground motions have been
employed in the one-dimensional form; however, when extending the use of
such models to the two~ or three-dimensional form, the question "Should the
components of motion be cross correlated statistically?" immediately arises.
If correlated, one must establish appropriate cross-spectral density fumc-
tions in addition to realistic power spectral density functions.

Similar to the stress state problem, an orthogonal set of principal
axes exists for ground motions along which the components of motion have
maximum, minimum and intermediate values of wvariance and have zero values
of covariance. This property suggests that components of motion need not
be cross correlated statistically provided they are directed along principal
axes.

METHOD OF ANALYSIS
Principal Axes of Ground Motions [1,2] Suppose three translational

components of ground motion at point 0 along an arbitrary set of orthogonal
axes x, vy and z are represented by the relation

a; (t) = g (1) b (1) i==x,y,2 (0

where by(t) and £;(t) (i = x,y,z) are stationary random processes and
deterministic intensity functions, respectively. If the processes are
considered to be Gaussian, covariance functions defined by

I
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Efa (t) a (t+1)] = T, (£) © (t+1) E[b, (6] b (t+D)] 4,3 = x,y,2 (2)

3 3 3
characterize completely the processes in a probabilistic sense [3]. Since
real earthquake accelercgrams demonstrate a very rapid loss in correlation
with increasing values of ]T], the influence of coordinate directions on
the covariance functions can be investigated substituting T=0 in Egs. (2).
Principal variances and the directions of principal axes can be obtained
respectively as eigenvalues and corresponding eigenvectors of the covari-
ance matrix defined by Eqs. (2). :

Moving—Window Procedure Variances and covariances {(1y3 1,} = x,7,2)
are obtained as continuous functions of time t, using the sdo-called
"moving-window" technique, i.e. using the relation [4]

AT
- -t T

uij(to,AT) =< {ai(t)-ai][aj(t)—aj] >t ar i, = X,¥,2 (3
o 2

where the time averages are taken over the interval AT centered at time t
but where the mean values 3j and aj are found by averaging a;(t) and a.(t)
over the entire duration of motion. The values of time window length AT
in Egs. (3) should be taken sufficiently long so that the higher frequency
fluctuations are essentially removed but the slower time dependent char-
acteristices are retained, i.e. the time average over duration AT will be
essentially equal to the average taken across the ensemble. This formula-
tion allows one to obtain the time dependency of principal variances and
their corresponding directions of principal axes.

Using the Fourier transformation, the moving-window technique, as
applied in the time domain above, can be applied in the frequency
domain as well. In this case, however, variances and covariances are
evaluated as continuous functions of frequency f,. In the frequency
domain formulation, one can investigate principal variances, directions of
principal axes, etc. associated with those frequencies of ground motion
in the range (f,-Af/2) < f < (f0+Af/2). Hopefully, this approach can be
used to reveal certain characteristic features of the various types of
seismic waves associated with strong ground motions.

Time Dependent Frequency Content Variation of frequency content of
ground motions with time is examined by Fourier amplitude spectra generated
by the moving-window technique as follows

¢ + AL

A@w,t_,AT) = | f ° g; a(t) e tgp | (4)
. - Ar
o 2

Since intensity of ground motion can be expressed in terms of variances [51,
the moving-window Fourier amplitude spectra can be normalized with respect
to the maximum values generated for time t0 when determining frequency
variations with time.

RESULTS OF ANALYSIS
Principal Variances and Directions of Principal Axes Both the time

domain and frequency domain moving-window analysis described above has
been applied to the ground motions recorded during the San Fernando




earthquake of February 9, 1971. The time- and frequency-dependent
principal variances and directions of principal axes have been evaluated
for acceleration records at 99 stations. The direction of a principal
axis is vepresented by direction angles ¢ and O in three-dimensional
space as shown in Fig. 1.

In this paper, the results for station No. 264, basement of the
Millikan Library, CALTECH, are presented. Figure 2 shows the time-
dependent principal variances and directions of principal axes as deter-
mined using discrete values of t, one-half second apart and using 5
seconds for AT in Eqs. (3). Similarly, Fig. 3 shows the results of
frequency-dependency using a frequency bandwidth Af nearly equal to 0.98 Hz
placed at uniform frequency intervals of 0.49 Hz. The solid, short-dashed
and intermediate-dashed curves in these figures represent the major, minor
and intermediate principal axes, respectively and the horizontal long-dashed
straight line represents the direction By to the reported epicenter.
Although, the functions of principal transformation shown in Figs. 2 and 3
have numerous unexplainable features, certain correlations in the time
domain moving-window formulation should be noted as follows:

(1) Usually during the early perieds of low intensity motion, either the
major or the intermediate principal axis is nearly vertical, i.e.
the vertical component represents a large amount of energy in com—
parison with the horizontal components.

(2} Later, the major and intermediate principal axes shift towards horizon-
tal positions with the minor axis taking the nearly vertical position.

(3) Following the shift of the major principal axis towards a horizontal
position, the horizontal directions of the major and intermediate axes
can suddenly interchange. This interchange which occurs after the
period of high intensity motion is due to a corresponding change in
the direction along which the seismic waves have maximum energy.

(4) Usually during the period of high intensity motion, the horizontal
direction of either the major or the intermediate principal axis is
towards the fault slip zone. This characteristic suggests that the
direction. along which seismic waves contain maximum energy either
coincides with the direction to the fault slip zone or is at right
angle to it.

Figure 4 shows the horizontal directions (0) of the major and intermediate
principal axes for stations in the extended Los Angeles area at the period
when the motions are of highest intensity. While the correlation is not
strong, there is a tendency of the directions of the major principal axis
or, in some cases, the intermediate principal axis to point in the general
direction of the fault sliip zone [6] which is alsc the general direction
towards the previously reported locations of surface fault traces south of
the epicenter [7]. Since the concept of intensity defined here is iden-~
tical to that defined by Arias [8], one can speculate that the direction
of the major principal axis coincides with the direction to maximum energy
release in the fault slip zone.

Time Dependent Frequency Content aleng Principal Axes Applying the
moving-window technique, the Fourier spectral amplitude analysis has been
employed to evaluate variations of frequency content for the principal
components of motion with time. Spectral amplitudes have been evaluated
using a time window length of 5 seconds which is identically the same as
that used in the time domain formulation of principal axes. To determine
the general characteristics, the amplitude spectra are smoothed by weighed
convolutions. 1In Fig. 5, the time dependencies of frequency content for




station No. 264 are shown using a three-dimensional spectral diagram in
which the contour lines represent levels of the normalized Fourier ampli-
tude. The shaded zones in the diagram represent the highest range of
spectral magnitude; thus, indicating the corresponding range of dominant
frequencies at time t,, The characteristic features of these diagrams
representing variation of frequency content with time can be summarized as
follows:
(1) The dominant frequency is found to have decreasing values with time.
This tendency coincides with the results reported in the literature
[9].
{2) In some cases, the dominant frequency changes its value suddenly at
a fixed time which may indicate the arrival of different types of
seismic waves.
(3) Generally, it is observed that spectral density functions derived
from the three-dimensional diagrams are less sharply peaked for motions
along the minor axis than for motions aleong the major and intermediate
axes. This tendency agrees with the results of the moving-window
analysis in the frequency domain which show that principal variances
along the minor principal axis are more uniform than those along the
major and intermediate principal axes.

SIMULATION OF THREE-DIMENSIONAL GROUND MOTLONS

It was concluded previously that three compecnents of ground motion
are independent of one another, provided they are directed along a set of
principal axes. Therefore, cne can simulate the three components by gen-
evating independent motions having appropriate intensity and frequency
content and directing them along principal axes.

Sample accelerograms, having properties of spectral density and deter-
ministic intensity function as shown in Fig. 6, have been simulated using
Toki's method [10] along a set of principal axes. Assuming the horizontal
and vertical direction angles (8,9) of principal axes to be time dependent
as shown in Fig, 6, the simulated components are transformed to three com-
ponents along the principal axes of the structural system for use in
dynamic analysis. The resulting components of motion are shown in Fig. 7.
Assuming that these motions were recorded by an accelerograph installed in
the structural system, principal variances, directioms of principal axes
and frequency content of motion along the principal axes have been evaluated.
The resulting properties of principal variances and directions of principal
axes are presented in Fig. 8 and those of the corresponding time dependency
of frequency content are represented in Fig. 9. The properties of the
simulated motions generally coincide well with the prescribed properties.

CONCLUDING STATEMENT

The objective of the study described herein is to establish an
appropriate stochastic model for three-dimenslonal ground motions which
reflect the significant statistical properties of the motions of the San
Fernando earthquake.

The resulting model is represented by the product of a deterministic
intensity function and a constant intensity process having a variable fre-
quency content with time. The properties of the simulated motion reveal
complexities similar to the characteristics of the motions recorded during
the San Fernando earthquake. Therefore, this simple model as prescribed
appears to be adequate.
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EARTHQUAKE LOSSES AS A FUNCTION OF CONSTRUCTION TYPES

I by 1
Karl V, Steinbrugge”, Henry]. Lagorio , and S, T. Algermissen

SYNOPSIS

Government agencies and insurance companies must realistically estimate
life hazard and potential aggregate property damage along with their geographic
distributions for destructive earthquakes in any relevant region. Often it is nec-
essary to accomplish the foregoing by a rapid and economical methodology in
order to quickly resolve specific planning problems. In this regard, recent
studies have produced several practical procedures which have suited a few of
these needs,

Specifically, this paper discusses some of these developments regarding
aggregate property damage, Government sponsored studies have improved
methods for establishing aggregate total losses for maximum credible events and
percentage losses as a function of construction types. Methodology and typical
results are given,

INTRODUCTION

Any study of insurance relationships among potential monetary losses, earth-
quake intensity-frequency parateters (or equivalent parameters), and building
construction classes should be directed to at least two fundamental questions:

A, What is the expected total monetary loss or, as often stated, the aggre-
gate probable maximum loss for all insured construction in the event of
the maximum probable earthquake in the underwriting area under con-
sideration?

B. What is the average annual loss over long periods of time in a given
region for each particular construction class?

Question A is important for several reasons, For the individual insurance
company, an improper evaluation could result in company insolvency. Secondly,
for the insurance industry as a whole, it involves the financial capacity of the
private sector to accommodate a very large increasec demand for earthquake
insurance should this coverage be mandated for one or more classes of construc-
tion or types of occupancy. Thirdly, for government at Federal and state levels,
it involves one factor in policy decisions regarding government’s role in reinsur-
ance should the private sector be unable to absorb the demands resulting from
mandation.

I Manager, Earthquake Department, Insurance Services Office (San Francisco,
California).
II Program Manager, National Science Foundation, Washington, D. C. (on leave,
Professor of Architecture, University of California, Berkeley, California),
Il Geophysicist, U. S. Geological Survey (Denver Federal Center, Denver,
Colorado).



The second of the aforementioned questions addressed in this paper is based
on a detailed study by the authors prepared by the U. S, Geological Survey for the
U. 5. Department of Housing and Urban Development {in press at this writing)
using the metropolitan San Francisco, California area as a case history, The
computational efforts of M. McGrath and S. Hansen of the U. S. Geological Survey
are gratefully acknowledged. Additionally, the advice and guidance of Theodore H.
Levin of the Department of Housing and Urban Development was most helpful
during the more difficult stages of this study.

SIMULATED LOSS TECHNIQUES

Simulated loss estimation techniques have been developed in recent years.
These techniques show substantial promise in reducing the large uncertainties
currently present in estimating total potential loss for any event and in establish-
ing earthquake insurance rates. In a region such as San Francisco, earthquakes
have damage patterns that are related to their magnitude and the associated dis-
tribution of shaking, to length of faulting and displacement along the fault, fo the
geographic distribution of buildings together with the type of construction and
materials used and to other measurable characteristics. Using the historical
seismic record, or some other estimate of the seismicity of the area, it is
possible to estimate, by class of construction, the damage and associated losses
likely to occur in the future for any postulated distribution of buildings.

BUILDING CLASSIFICA TION

Classification of buildings and other structures for earthquake insurance
research purposes requires a knowledge of the relative damageabilities among
building types. Additionally, the number of building classes becomes a practical
matter involving the levels of insurance rates. In this latter context, it is obvi-
ous that a low seismicity will produce a relatively low level of rates and it follows
that the rate differential among building classes tends to be small if the overall
rate levels are low. Very small rate differentials, say one mill per $100 of
insured value, simply are inadequate to pay for the field inspection costs for
identifying the appropriate building classes for all but the very largest valued
risks, As one result, in areas where the seismicity is low, building classification
systems should be simple in order to keep overhead costs within reasonable
bounds, Secondly, a country havir_ a relatively few number of construction types
for most of their buildings probably will require a simplistic building classification
system, even though the rates may be high due to a high seismicity.

The basic key to a successful building classification system is identifying the
degree of damage control exercised by the structural system and the ease in
recognizing this damage control. Damage control may exist by design on the part
of the architect/engineer, or by accident of design, or by being inherent in the
construction material. For example, an all-steel gasoline service station falls
into the last category. It follows, then, that an appropriately written set of
building classification rules will identify the damage control features and reflect
them in the classes.



The following is a listing of the six basic building classes for earthquake
insurance purposes in common use in United States and also used for this study.
Approximately 20 building sub-classes exist within this set, but sub-classes have
not been repeated below for clarity.

Class I Wood frame construction.

Class 1L All metal construction.

Class III.  Steel frame construction,

Class IV:  Reinforced concrete construction.

Class Vi Mixed construction,

Class VI. Earthquake resistive construction having damage control features,

Classes I through V are readily identifiable by their materials of construction.
Some of the sub-classes of III through V require sub-professional or professional
agsistance. Class VI buildings require special attention by professional structural
engineers for accurate application,

EXISTING BUILDING INVENTORY

A detailed examination was made of 20 of the most promising sources of
existing building inventories in the context of one specific objective, namely, the
geographic distribution of property values by specific construction class and by
census tract. Data sources included land-use planning maps, property tax
records, building department archives, disaster office records, and insurance
sources. While insurance company files were potentially the most useful data
conversion costs would have been prohibitive,

The following methodology for building inventory was adopted since the use-
fulness of readily available data sources and their adaptation were impractical
for purposes of this study.

First, mapping: Geographically determine the distribution of inventory of
each building class on suitable maps, with the distribution relatable to
census tracts,

Second, quantification: Determine the extent of the total inventory of each
building class for each census tract,

Third, tabulationn Tabulate the percentages by census tract,

MONETARY LOSS CHARACTEL.3TICS

Monetary losses are a function of the ground motion characteristics at a
given point and the building's damage control characteristics (if any). The
Modified Mercalli Intensity scale is quite useful in this regard when properly
interpreted for long period effects.

For our analysis purposes, the lower intensity limit is the threshold of dam-
age, with this threshold varying with the kind of building as well as the kind of
ground motion, The upper intensity limit is determined by that mtensu:y where
ground vibration effects to buildings are overshadowed by geologic effects such as
landsliding, faulting, and failures of structurally poor ground. This upper limit
is normally given as Modified Mercalli Intensity IX for insurance practice, The
cut-off at IX is somewhat arbitrary since vibrational effects on buildings will
increase with increasing intensity, but become overshadowed by building damage
due to faulting, etc.



The shapes of the characteristics curves for intensity-loss relationships are
quite variable, depending upon numerous factors, The lower limit of the loss for
each curve is zero at intensities within a range from MM IV to MM V1. The upper
limit is at MM IX. 'The shape in-between is variable,

Let us next consider curves #1 and #2 in Figure 1 which show the character-
istic damage patterns for certain kinds of flexible frame multi-story buildings.
Both buildings are considered to be equally earthquake resistive from a design
standpoint, with certain non-structural elements being the only construction vari-
able. The lower loss vs. intensity values are represented by a flattened curved
line to represent, in part, "imaginary” losses assumed by the owner/occupant.

If the loss is less than 100% (i. e, , no collapse), then the curve flattens out at the
top. In this case, the curve flattens since increasing non-structural damage no
longer requires proportionate repair costs (for example, patching and painting
may cost little more between a badly cracked wall and excessively cracked wall),

One possible effect of occupancy can be seen by comparing curves #1 and #2
in Figure 1. A warehouse or manufacturing structure might have a minimal num-
ber of partitions {curve #2) while a hotel would have numerous partitions {curve #1).
The vertical spread between the curves represents the difference in loss due to
occupancy related construction, Significant exceptions may exist to this vertical
spread between curves, For example, if the partitions are of a high value type
which are subject to little damage prior to building collapse, then the two curves
may essentially coincide. It should be added that these two curves are principally
applicable to Class Il and Class 1V structures which do not have shear walls,

Curves #3 and #4 in Figure 1 have the characteristic shapes for loss to rigid
unit masonry buildings, and these curves are generally applicable to Class V
structures as well as some Class III and IV buildings, The beginning of the curves
at low loss levels represents hairline cracks at partition-masonry wall inter-
sections and similar kinds of minor damage. The steepness of the straight line
represents brittle failure of the walls and/or roof-to-wall connections, Actually
for a specific building, the straight line could be replaced by a jagged line since
loss would really be a series of step functions, with each step representing another
brittle failure, Numerous acceptable variants exist. ‘

COMPUTATIONAL RESULTS

Computation of the average annual loss by class of construction for the San
Francisco, California metropolitan area required us to estimate the distribution
of ground shaking likely to occur in all of the census tracts in the area considered,
To compute the distribution of shaking, we made use of the historical record of
earthquakes from 1800-1974 with maximum Modified Mercalli Intensities greater
than or equal to VI, Existing isoseismal maps were used when available, For
earthquakes for which only maximum intensities are known, theoretical isoseis-
mal maps were developed using intensity data from well studied earthquakes with
similar maximum intensities. Using the distribution of intensity in each census
tract and the percent loss by class of construction, the average yearly loss was
computed using the historical seismicity over four different time intervals. While
the historical record is certainly incomplete for at least the smaller shocks in
the 19th century, the average losses based on the period 1800-1974 and 1800-1899
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are still larger than for losses computed using the seismicity in the 20th century
(Table 1), This is a result of the higher seismicity in the San Francisco area in

the 19th century.

The implication is that earthquake losses in the San Francisco

area have been low in the 20th century, particularly since 1906. Should seismicity
in the San Francisco area return to pre- 1907 historical levels, substantially
higher losses than those experienced over the past 70 years are likely to occur.

1t should be clearly understood that the values given in Table 1 are not insurance
rates, since these values do not include taxes and other business costs,
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SEISMIC RISK ANALYSIS FOR A METROPOLITAN AREA

by I
Carlos §. Cliveira

SYNOPSIS

A method to analyse the seismic effects over a system extended in space
is developed, The system is characterized by the description in space of its
dynamic and resisting properties, The seismc activity is controlled by three
parameters 8,\,M,, and by the spacial distribution of earthquakes. A penal-
izing funetion is used to comvert the vector of performances into a scalar
loss. The probability distribution of losses is generate using simulation.
Comparisons between single site and system spread in space are analysed,

INTRODUCTION

The study of seimic risk at a site has been pursued since the late six-
ties, but only recently consideration of the seismic risk of systems spread
in space became apparentlyz. The consequences of an earthquake in large sys-
tems (simultaneocus falilure or the non operation of two systems causes more
loss than the sum of two separate failures), requires this kind of analysis:
the total effect of an earthquake ona region or country cannot be expressed
as a sum of Individual losses. Rather, it is a nonlinear multiple of this
sum, due to the combination of factors. The space problem becomes more com-
plex when dealing with 1lifeline systems.

Due to uncertainty in determining the parameter values, the probability
method is the sole capable of analysing comprehensibly the problem. Two main
philosophies have been considered in this respect: on studying economical
problems, determination of insurance rates or in optimization one should
care for the mean value estimators of the parameters while on studylng codes
safety of populations, catastrophic insurance reserves or decision-making,
an extreme value estimation is more convenient. Fig 1 presents the overall
problem of seismic risk analysis in its generalized versionll. Each box rep-
resents a single event and the string of events shows the interrelationships
involved. The main parameters of this description are as follows(the quanti-
fication of those parameters referred in items (i) through (iv) has beendone
in great detail and is available in the literature; information is lacking
on the parameters covering items (v) through (viii) but further details will
be given in this paper); (i) generation of the earthquake process considared
as as a stochastic point process random in time, space and magnitude; (ii)
propagation of the seismic action from focus and fault to the site or sites

'y m -b N . 4 .
according to the formula v =b ¢ 2" [f(r)] * in which y is the maximum ac-
celeration, velocity or displacement, m is the magnitude, £(R) is a fundion
of the focal distance R and by, b,, b3 are empirical constants, and taking
into account the changes in the predominant period of ground motion with
distance and magnitude; (iii) soil influence considered through a simple
parameter w_ .., Fig 2; (iv) structural response of a one degree of freedom
system, W_ s Eg .o under the action of a stationary Gaussian stochastic proc—
ess having a white noise power spectral density S(w) filtered by the propa-
gation and soil; (v) performance in terms of response through the damage

I Visiting Assistant Research Engineer, University of California, Berkeley
USA. and Assistgnt Research Engineer, Applied Dynamics Division, L.N.E.C.,
Portugal.

IT The word risk, as used in this paper, is related to those random varia-
bles which take into account all probable earthquakes to occur during
a period of time; not just a single earthquake.
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ratio function, DRF; (vi) individual loss, ILF; (vil) direct loss to the me-
tropolitan area,GLF; (viii) global consequences to the metropolitan area,GCF.
The quantification of all these parameters is enhanced with uncertainty some
of which has a wide range of variation.

ENVIRONMENTAL RISK (ER)

Based on items (ii) through (iv) response spectra was developed for giv-
en m and R, Fig 3., Considering the randomness in time, space and magnitude,
a distribution of extreme vilue for acceleration or response spectra could
be obtained. For low risks (10 ") the final distribution that takes into
account both the randomness of intensity and the randomness of response, has
to be computed using the distribution of intensity and response. It is no
longer valid to consider only the distribution of intensity and the mean
value of maximum response”.

Let's look at the extreme value distribution of maximum acceleration
felt at a point or over a space element. The second case differs from the
first one in the way we define R: an equlvalent R, is the minimum dlstance
between the earthquake epicenter F(u',u?®) and the grea element M(u!,u?)

Ryq = Hin € D1st (r(uhf) - ) ) 3
wvhere u',u® are the space coordinates. Fig 4 shows the extreme value distri-
bution of acceleration obtained for the case of earthquake generation line
paralel to a metropolitan line of variable length. The following values char
acterize the system: A=4/year, B=2, t=l year, m =3.5, m;=8.1, b;=1230,b,=0.8,
b,=2, £(R)=R+25, 2=100 km, d=20 km. As shown in Fig 4, there is a substan-
tial difference between seismic risk at a point and over a line.

DAMAGE RATIO FUNCTION (DRF)

1

Data has shown that there is a correlation between the degree of dama-
ge or damage ratio (cost of repair to replacement cost at the time of the
earthquake) and the intensity of shaking. This observation led to the deve-
lopment of the concept of damage probability matrix“, which is a global meas—
ure of damage and includes the environmental impact and the socio-economic
standards of the region. It would seem more convenient to separate, at the
beginning of the study of losses, the degree of damage from the costsresult-
ing from such damages. Based on reliability theory and extending the concept
of step function describing costs associated to limit states, to acontinuous
description, we have defined a damage ratio function, DRF,as, Fig 5

0 if  Z<vd
DRF = ( L )u if YdsIgt
C-¥d
1 it I

where Z is the response of the building, Yd is the yield displacement, C is
the collapse point and o is a parameter characterizing the type of building
system. In order to take into account the dispersion of the building resis~
tance, Yd and C are considered as random variables,RV. Using the standard
techniques of transformation of RV, the probability density functicn, pdf,
of DRF is obtained as, Fig 5,

Vg
g-ari/or L E-F
Toppldr} = L L fz.v.c“'ﬁfﬂ?"”'} arl/ 1‘@]7.175;2“’“’ L

where the pdf of Z,Yd,C in most cases, is expressed as the product of the

density of Z and the joint density of Yd and C, with correlation coeffident
p. Fig 6 shows the influence of p on the pdf of DRF given Z for Z=1,25,...,
5.75, when Yd and ¢ have bivariate normal densities with mean values 2 and 5

respectively and coefficient of variation Vgg=V=0-2 and Z has an extreme
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type I distribution with mean value 1 and V,=0.2. Fig7 shows the pdf of DRF
for some combinations of values mentioned béfore. The influence of VZ is al-
so analysed.

While the DRF is a measure of structural response or an index of the
level of damage suffered by the building during an earthquake, the indivi-
dual loss function, ILF, is the translation of those damages into losses.
It may include (i) direct losses such as cost of repair and replacement,
fire, (ii) indirect losses such as losses caused to other buildings, de -
crease in productivity, operational losses and (iii) losses to people, Fig
8, and it may be obtained directly from the definition of DRF.

ANALYSIS OF LOSSES IN A METROPOLITAN AREA FOR A GIVEN EARTHQUAKE

In the previous discussion, the existence of buildings spread over a
metropolitan area was not considered. The interaction between envirommental
risk and the space distribution of population and property is most impor-
tant in the characterization of global losses, due to earthquake action.

In the location of disaster relief facilities, predictions of the total a-
mount of damage to be expected in large metropolitan areas, planning, etc.
require the development of a method to analyse the seismic risk in an ele-
ment of area. The knowledge of seismic intensity at a point is not suffi-
cient. The analysis of risk in a given time interval T, for a metropolitan
area cannot make use of the envirommental curves for a site and sum- the in-
dividual losses over the entire area because the RV that measure the indi-
vidual risk are not independent. To find the solution of this problem we
should look at the dependence among the different ILF for a given earth -
quake (m and R) and compute the global loss function, GLF, as

ar = [ ot ety sl ) ) 2)
n,R ares
where Morph (u',u®) is a scalar quantity that represents the building char-
acteristics for the area coordinate r(u!,u?)}. If the ILF are essentially
governed by shaking intemsity, then the correlation coefficient p for
two different buildings is approximately equal to one. In other cases is
smaller then one. At the lower bound , pI =0, the problem of spacial de-
pendence no longer has any meaning. Making use of the probability laws
that regulate the mean and variance of the sum of dependent RV, in the
case of a line of length %, one gets
EL6LF n] = [ vorph(u) E[ILF()] du 3)
=,
L gt
&mr;-;mmmﬂfmmnm+a[ [mmmmmunMM]mmnww 4)
e w0 veu
To obtain the global consequence function, GCF, we should penalize the GLF
according to the total number of loss of life and/or according to the de-
gree of extension of damage. The aversion function which relates the number
of fatalities with the effects on the society might be used.

ANALYSIS OF RISK

To compute the total amount of losses in an interval T, one should
sum the individual contribution occurring during the interval
‘ T -yt H(t
GRF = ] BLF ("‘p“inti) 4 e 1 or BRF{t) = }(: )Gl_F,I o e ‘Yri 5)
1=

t,=0

1

where GLF(m,, Bi’ t,) is the GLF for a given area and for an earthquake m.
and R, occu¥ing at time t., C is the cost per unit of time and yis the dis-
count factor. It is assuméd that after each event the metropolitan area is
rebuilt to its original condition, Making use of the moment generating funmc-
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tions,one can compute the expec?ed values of GRF
elerdldly - EBLF(mgRtyd ¢ ) eIy gene 6)

ti=0 . . . .
‘The pdf of GRF approach the Gaussian distribution when the number of terms
in 5) increases. Assuming that the GLF can be reduced to a simple RV with
known pdf, occuring at arrival times T;,...T, of a Poisson process N(t} with

mean value Ay, the process 5) has
Le Mt 1.

E[GRF(tl]-xNE[sLF]cl_Y_ 7) uz{GRF(t)]-l“E[GLFz]CZ-—-'zY—'— 8)

To illustrate this method, the following example of & metropolitan line par-
alel to the fault line is given. The values used in this simulation are hy~-
pothetical and do not represent a real case. Earthquakes with the character-
istics presented before were generated uniformly for a 100 km line. The me-
tropolitan line with 20 km has uniform distribution of construction: Tgr=1 s3
£ . =0.05; E[vd)=2; E[C]=8; VY =VC=0.2; o=1; p=0; ILF=DRF; vy=0.08; C=0.5/km;
population=50inhab/km; TS h .45ec, For these values computations show that
VZ varies from 0.27 to 0532, Using the value 0.3 and a type I distribution
to represent Z, it was assumed that

£ [RF] = 5 (arctang(m, - 5.0) + 5 ) 9) of [DRF} = 0.05 (cos(EL my - 20) + 1) 10)

Fig 9 compares the values obtained using the Integration procedure,l} with

9) and 10). It also shows the mean value of casualties if loss of life is
considered (when DRF=1). Fig 10 shows the variation of E[ILF] ,o?[ILF] and
mean loss of life along the metropolitan line. Fig 1l shows the distribution
of E{GRF] obtained from the simulation of 16 members of the family of earth-
quakes, based on 6). From the mean value and variance of GLF per year,using
7) and 8), the mean value and the variance of GRF for the period of 50 years,
are respectively 53.12 and 30.70, V F=0.10 while in the simulation E [GRF]=
52.172, o2 [GRF]=87.486 and VGRF=0.195 i

CONCLUDING REMARKS

The results in the present simulation suggest: (1l)risk for a metropoli-
tan area must be defined in terms of global quantity,ie, total losses; not a
single parameter has been identified to represent this risk and the entire
pdf should be generated, (2) moderated earthquakes contribute in large part
to the total losses, (3) the pdf of GLF shows a concentration corresponding
to the moderate events and a spike due to the large ones, (4) for small A
and short interval of time, the normal approach cannot be used to generate
the pdf of GRF, (5) the GRF has a wide dispersion that tends to decreasewhen
the metropolitan area spreads, (6) based on the pdf of material and human
losses, application of the present methodology can be carried on tothe study
of optimization,insurance, etc., Fig 12,
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SEISMIC DESIGN REGIONALIZATION MAPS
FOR THE UNITED STATES

by
Robert V. Whitmanl, Neviiie C. Donovanll, Bruce Boltll!
S.T. Algermissenlv, and Roland L. Sharpe

SYNOPSIS

Two maps give the geographical variation of effective peak acceleration
EPA and effective peak velocity EPV. The map for EPA is based primarily:
upon a seismic risk study involving selection of source zones, seismicity
parameters and attenuation laws. The map for EPV is a modification to the
map for EPA. The probability that EPA and EPV will not be exceeded at any
location is estimated as 80% to 95%. EPA and EPV are used-as input to an
equation for design base shear.

INTRODUCT{ON

This paper describes a portion of recommended nationally applicable
seismic design provisions. These provisions have been produced by the
Applied Technology Council, associated with the Structural Engineers Asso-
ciation of California, under contract with the National Bureau of Standards
(NBS) with funding by NBS and the National Science Foundation Research Ap-
plied te National Needs Program, as part of the Cooperative Federal Pro-
gram in Building Practices for Disaster Mitigation initiated in 1972 under
the leadership of NBS.

The preparation of design regionalization mapsis being carried out by
a committee composed of the authors plus Drs. Jack Benjamin, John Foss,
John Reed and John Wiggins. Such maps cannot be drawn without consideration
of the totality of the recommended design provisions. Hence, some of the
material presented in this paper represents input from other committees in-
volved in the overall ATC effort, especially a Committee on Ground Motion
Spectra chaired by Dr. H.B, Seed. The maps are not yet in final form, and
this paper emphasizes basic principles and procedures and displays the maps
as drawn at the time of this writing (June 1976).

POLICY DECISIONS

The proposed ground shaking hazard maps are based upon two policy de-
cisions which are departures from past practice in the United States. First,
the relation between design lateral forces and building period should take
into account the distance from anticipated earthquake sources. To accom-
plish this objective it was necessary to use two ground motion parameters and

| Professor of Civil Engineering, Massachusetts Institute of Technology,
Cambridge, Mass.
Dames and Moore, San Francisco, California.
| Director, Seismographic Station, University of California, Berkeley,
California. :
v U.S. Geological Survey, Golden, Colorado.
v Project Director, Applied Technology Council, Palo Alto, California.
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hence to prepare two maps. Second, the probability of exceeding the design
ground shaking should -be roughly the same in all parts of the country. Zon-
ing maps previously in use had been based upon the maximum ground shaking
experienced during the historical period without consideration of the fre-
quency with which such motions might occur.

GROUND MOTION PARAMETERS - EPA AND EPV

in the recommended provisions, the strength of gound shaking is repre-
sented by two parameters: effective peak acceleration (EPA) and effective
peak velocity (EPV). EPA and EPV are normalizing factors for construction of
smoothed elastic response spectra (6). EPA is proportional to spectral
ordinates for natural periods in the range of 0.1 to 0.5 second, while EPV
is proportional to spectral ordinates for a period of about I second (5).
The constant of proportionality in both cases is 2.1 for 5% damping.

For any one ground motion, EPA and EPV would be chosen such that the
resul tant smooth response spectra are a reasonable fit to the actual spectra
for periods larger than about 0.2 second. For motions of very short dura-
tion, EPA and EPVY would be reduced to reflect the observed fact that only
one or two cycles of motion cause little inelastic motion even if a struc-
ture yields. Thus, the EPA and EPV for a moticon may be either greater or
smaller than the peak ground acceleration and velocity. However, when the
duration is very short and/or when very high frequencies appear in the
greund motion, EPA may be significantly less than peak acceleration. On the
other hand, EPV is generally greater than peak velocity at large distances
from a major earthquake (5).

MAP FOR EPA

Fig. 2 is the recommended map for the contiguous 48 states. EPA is
contoured, and interpolation between contours is appropriate. There may be
locations inside of the 0.4g contour where higher values of EPA would be
appropriate; however, contouring such small areas would amount to microzon-
ing, and was beyond the scope of this effort.

A prime reference for the preparation of Fig. 2 was a map prepared by
Algermissen and Perkins (2) using the principles of seismic risk zoning (2,4).
In the preparation of that map, seismic source areas were identified from
historical seismicity and geology, and rates of occurrence and maximum cre-
dible magnitudes were established for each source area. Different attenua-
tion laws were used west (8) and east (7) of the Rocky Mountains.

The Algermissen and Perkins map was modified through the judgement of
the committee to reflect the most up-to-date thinking concerning active
faults and seismic source areas. Suggestions were received from a panel of
seismologists from different parts of the country.

MAP FOR EPY

Fig. 3 was constructed by modifying the map for EPA. First an EPV = 12
inches/sec was assigned to contour 4 on Fig, 2. This value of EPV together
with an EPA = 0.kg defines the standard shape of response spectra recommended
by Prof. Seed's committee as applying for nearby earthquakes. A similar ap-
proach was used for all contours which are regional "highs'" of EPA; for ex-
ample, EPV was set at 3 inches/sec along contour 2 (EPA = 0.1g) around the
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Appalachian Mountains and South Carolina in the southeastern part of the
country.

Strong motion recordings from California were used to determine the
distance required for EPV to halve with distance from a large earthquake
(5). This distance is about 80 miles. Data on attenuation of Modified
Mercalli Intensity indicated that velocity should continue to halve in about
80 mile intervals. Thus a contour spacing of about 80 miles was used around
all regional "highs' in the west, with the proviso that a contour 2 for EPV
should never fall inside a contour 2 for EPA, etc.

For the east, data on attenuation of Modified Mercalli Intensity (3)
indicated that within 100 miles of a large earthquake attenuation was the
same as in the west. Thereafter, however, the distance required for the
velocity to halve nearly doubled. Hence, around the New Madrid ''high' in
the central United States, the first contour interval is about 80 miles
while the next contour interval is 160 miles,

RISK ASSOCIATED WiTH EPA AND EPV

The probability that the recommended EPA and EPV at a location will not
be exceeded during a 50 year period is estimated to be roughly 90% - at least
it is in the general range of 80 to 95%. Thus the ground motion envisioned
for design, at any location, is not necessarily the most intense motion
that can occur at the location. |In this connection, several points must be
emphasized. First, considering the significant cost of designing a structure
for extreme ground motions, it is undesirable to require such a design unless
there is a high probability that the extreme motion will occur or if there is
a particularly severe penalty associated with failure or non-functioning of
the structure. Second, a building properly designed for a particular ground
motion will provide considerable protection to life safety during a more
severe ground motion. Third, even if it were desirable to design for the
extreme gound motion, it is impossible, at this time, to get agreement
among experts as to the largest credible EPA and EPY. This is especially
true for the less seismic portions of the country.

SEISMIC DESIGN COEFFICIENTS

The base shear to be used for design is given by V = CSUW where W is
the weight and U is an importance factor. The seismic design coefficient is

1.2 A, G
= — (]
S 7E )

but need not exceed 2.5A1/R for stiff or deep soils nor 2.01A}/R for soft
soils. G is a soil profile factor, ranging from 1.0 to rock and shallow
stiff soils to 1.5 for profiles with soft to medium stiff clays and soils.
R is a response modification coefficient discussed in a companion paper by
Newmark et al. T is the fundamental period of the building; the exponent
on T reflects a need for greater conservatism in the design of flexible
buildings. A and A, are coefficients related to EPA and EPV as indicated
in Figs. 2 ané 3. To illustrate the use of Eq. (1) and Figs. 2 and 3, Fig.
1 gives values of A, and A, for several cities together with curves of (R
for shallow stiff soil,

For possible use by code authorities, alternate versicns of Figs. 2 and
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3 are being prepared. On each map, the contours will be replaced by 8 zones,
with increments of 0.05 between zones. The boundaries between zones will
generally be drawn along county lines.
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NONLINEAR RESPONSE SPECTRA FOR PROBABILISTIC SEISMIC
DESIGN OF REINFORCED CONCRETE STRUCTURES

Masaya MurakamiI and Joseph Penzien;I
SYNOPSIS

Twenty each of five different types of artificial earthquake accelero-
grams were generated for computing nonlinear response spectra of five structural
models representing reinforced concrete buildings. To serve as a basis for
probabilistic design, mean values and standard deviations of ductility factors
were determined for each model having a range of prescribed strength values
and having a range of natural periods. Adopting a standard design philasophy,
required strength levels were investigated for each model. Selected results
opbtained in the overall investigation are presented and interpreted in terms
of prototype behavior.

INTRODUCTION

The general philosophy of seismic resistant degign in most countries
of theworld is that only minor damage i1s acceptable in buildings subjected to
moderate earthguake conditions and that total damage or complete failure
should be prevented under severe earthguake conditions. Usually, this
design philosophy is applied to performance assessments and to design in a
deterministic manner. It should be recognized however that due to the highly
variable characteristics of ground motions, even for a given site, as well as
the wariable properties of structures, large uncertainties exist in predicting
structural response. Therefore, nondeterministic methods which formally
recognize these uncertainties should be used leading to response predlctlons
in probabilistic terms.

Since it was the intent of this investigation to concentrate on the
influence of variability of ground motions on the behavior of reinforced
concrete buildings, nondeterministic response analyses were carried out
using a stochastic model to represent the expected ground motions. The
particular model used is essentially nonstationary filtered white noise as
commonly used by many investigators [1,2,3,4]. While this model is
admittedly not perfect, it does reflect the main statistical features of real
ground motions; therefore, its use in seismic response analyses leads to more
realistic predictions than does a single fully prescribed accelerogram.

ARTIFICIAL EARTHQUAKE ACCELEROGRAMS

Five specific types (Types A, B, By,, C, and D) of artificial accelero-
grams were generated using a modified version of the program (PSEGCN) [1 5],
where stationary wave forms having a constant power spectral den51ty functlon
(white noise) of intensity Sy were modified by multiplying by a prescribed
time intensity function, passing the resulting wave forms through both high
and low frequency filters, and finally by applying a baseline correction in
accordance with the procedure of Berg and Housner [6].

= Associate Professor of Architectural Engineering, Chiba University, Japan

I : s :
IProfessor of Structural Engineering, University of California, Berkeley,
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Five time intensity functions were used as shown in Fig. 1. These
functions are identical to those used previously by Jennings, et al. [23.
The selected high frequency filter function is plotted in Fig. 2a for
W, = 15.6 rad/sec and Eo = 0.6. These same values of w, and Eo were used
for four of the five classes of accelerograms, namely, Types A, B, C and D.
Accelerograms Type B, used the same value for w,, i.e. 15.6, but a different
value for £,, namely 0.2. The low frequency filter function used is shown in
Fig. 2b. The values of T_ used in this function were 7 seconds for Types A, B,
Bpo an% % seconds for Types C and D.following the suggestion of Jennings,
et al.|2].

The constant power spectral intensity S,, uwged in generating the station-
ary wave forms, was assigned the value 0.8952 ftz/seca. Table 1 lists the
mean values and standard deviations for the peak accelerations in all five
classes of accelerograms. The mean values and standard deviations for the
infinite number of accelerograms of each class were estimated in accordance
with the method of Gumbel [7]. In view of this mean peak acceleration and
the time intensity function used, the Type B accelerograms closely represent
that class of motions containing the N-8 component. of acceleration recorded
during the 1940 El Centro, California, earthquake [2,3].

STRUCTURAL MODELS
A. ORIGIN-ORIENTED HYSTERETIC MODEL

One of the five structural models used in this investigation was the
so-called "Origin-Oriented" hysteretic model proposed by Umemura, et al.
(8]. This model is shown in Fig. 3 where it is characterized by P .’ Psyr
Vges and vg, which represent the concrete shear cracking strength,” the
ultimate shear strength, the relative displacement produced by pgs, and the
relative displacement produced by Psy+ respectively. Two other parameters
are used in generating response spectra, namely, period T = m/k, and ratio
Lpsc/mﬁgo) where m is the mass of the single degree of freedom system and
Y40 is the mean peak ground acceleration. Through the use of this ratio,
tge absolute values of mean peak acceleration shown in Table 1 need not be
specified separately.

B. TRILINEAR STIFFNESS DEGRADING HYSTERETIC MODEL

Four cf the five structural models used in this investigation were the
so-called "Trilinear Stiffness Degrading” hysteretic model [8]. This model
is-shown in Fig. 4 where it is characterized by Ppo, Ppys VBcr and vpy which
represent the load at which the concrete cracks due to %lexure, the load at
which the main reinforcing steel starts yielding due to flexure, the relative
displacement . produced by pp., and the relative displacement produced by Py
respectively. As in the case of the origin-oriented model, two other ‘__
parameters are used in generating response spectra, namely, period T; = /ﬁ?kl
and ratio (pBY/ngo).

One characteristic feature of the trilinear stiffness degrading model
worth noting is that when subjected to full-reversal cyclic displacements
at a constant amplitude the bilinear hysteretic loops are perfectly stable.
Using period T, = 21vm/k,. one can calculate the equivalent damping ratio Ee
for a linear viscously-damped single degree system which represents the same
energy absorption per cycle of oscillation. This damping ratio is shown in
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Fig. 5 for each of four different bylinear models together with the parameters
of each model. '

DUCTILITY RESPONSE SPECTRA

Mean maximum ductility factors jl and their corresponding coefficients of
variation were generated for the origin-oriented shear model and the four
trilinear stiffness degrading flexure models using the 20 response time
histories for each class of earthquake ground motions. Two examples of the
results obtained are shown in Figs. 6 and 7 for the origin-oriented models
and for one of the four trilinear models, respectively, when subjected to
Type A excitations.

For each type of earthquake excitation, the maximum ductility factors
generally increase with decreasing period and the spread of these ductility
facteors over the full strength range increases with decreasing pericd. Also
these ductility factors for a fixed period increase with decreasing structural
gtrength., The trends of the coefficients of variation for the maximum ductility
factors with period are similar to the trends just described for mean maximum
ductility factor, particularly regarding strength level and strength variation.
It is most significant to note that the coeffiecients of variation are low when
the response is essentially elastic (U < 1) but they can become very large with
increasing inelastic deformations.

USE OF DUCTILITY RESPONSE SPECTRA FOR PROBABILISTIC SEISMIC DESIGN
A. SELECTION OF REQUIRED DUCTILITY LEVELS
Previous investigations have shown that the probability distribution

function for extreme value of structural response for a single clagss of earth-
quakes follows closely the Gumbel Type L distribution [1,3]

P} = exp {- exp -a w-wl} (1)

where 1 is the maximum response measured in terms of ductility factor, and
o and u are parameters which depend on the average and standard deviation of
H. If only 20 sample wvalues of | are available as in this investigation, o
and u can be obtained using the relations [73

a = 1.063/0u and u = | - 0,493 o, (2)
Suppose for example, it was decided that a 15 percent probability of
exceedance was acceptable, i.e. P(U) = 0.85. Using Eq. (1) and the data

provided in Figs. 6-7, one can easily establish that ductility factor u8§
associated with P (i) = 0.85. This has been done for two trilinear stiffness
degrading models subjected to Type A ground motions giving the results shown
in Fig. 8. :

B. SELECTION OF REQUIRED STRENGTH LEVELS
To establish the required strength levels of the various structural

models for each class of earthquake motions, one must first prescribe basic
criteria consistent with the basic design philosophy. It will be assumed

25



that moderate and severe earthquake conditions are represented by 0.30g and
0.45g, respectively, for the corresponding peak ground accelerations. Further,
the two ductility factors, consistent with light and heavy (but controlled)
damage, are chosen as 2 and 10 for the origin-oriented shear model and 2 and
4 for the trilinear stiffness degrading model. The values of mean peak
accelerations and ductility factors selected above follow the suggestions of
Umemura, et al. [8].

Using data such as shown in Fig. 8 for each structural model and for each
type of earthquake motion, i.e. using curves gof Ugs vs. T;, one can easily
cbtain the required strength ratios (8Z=p,/m Vgo) for discrete values of Tj.
Linear interpolation between the curves (lgs vs. T;) for a fixed value of T3
can be used for this evaluation. The resulting required strength ratios can
then be plotted as functions of period Tl as shown in Fig. 9. When judging
which of the two prescribed ductility factors control a particular design, one
should be careful not to base the decision on a direct comparison of the
reguired strength ratios as shown in Fig. 9, but to select the larger of the
two strength ratios required to satisfy the prescribed maximum ductility factors
under moderate and severe earthquake conditions. The required strength ratios
for the trilinear models are shown only for lgs = 4 since the heavy damage
criterion always controls the design.

Two characteristic features shown in Fig. 9 are that the four curves
representing earthquake Types A, B, C, and D are quite close together in each
case showing that the influence of duration of ground motions is not large,
and that the required strength ratios for relatively larger periods vary in
a linear manner with negative slopes along the log scale for Ty, i.e. con-
verting to a linear scale, the strength ratios would vary in inverse proportion
to the square root of Tj.

One significant feature shown in Fig, 1 where the required strength ratios
are plotted as functions of periods T3, is that the ratios vary considerably
with period T; and the equivalent damping ratio Ee {see Fig. 5); therefore,
these two parameters are important to the seismic response of reinforced
concrete structures of the flexural failure type.,

When using the results in Figs. 9 and 10, one should remember that they
are based on the ground motion parameters wg = 15.6 rad/sec (T, = 0.4 sec)
and £, = 0.6 which represent firm ground conditions, If one should have quite
different ground conditions, these parameters should be adjusted appropriately.
These adjustments shift the level of the predominant frequencies in the ground
motions and also change the mean intensity level vgo- With considerable
experience and using engineering judgment, certain modifications to the data
in Figs. 9 and 10 can be made to reflect these new conditions.

CONCLUDING STATEMENT

The mean maximun ductility factors and their corresponding coefficients
of variation presented herein provide the necessary data for carrying out
probabilistic seismic resistant designs consistent with basic design criteria
and the statistical nature of earthquake ground motions.
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REQUIRED STREWGTH RATIO (8)

Fig, 5 Stable Bilinear Hystereric Loop for
Trilinear Stiffness Degrading Model
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GENERAL PURPOSE COMPUTER PROGRAM FOR DYNAMIC NONLINEAR ANALYSTS

by

D.P. MondkarI and G.H. PowellII

SYNOPSIS

This paper presents a briefl description of the concepts, features,
organization and usage of a general purpose finite element computer program
ANSR (Analysis of Nonlinear Structural Response) for the static, dynamic
and earthquake response analysis of nonlinear structures. The program is
intended ultimately to form a practical analysis tool for use in design
studies as well as to satisfy research needs in various aspects of nonlinear
analysis.

INTRODUCTION

Because of the need for rational investigations of nonlinear structures
subjected to severe loading conditions such as would occur in strong motion
earthquakes, a study was initiated with the objective of developing a
general purpose computer program for nonlinear structural analysis. This
study progressed through two phases. Phase one consisted of review and
development of theorieg, computational techniques and algorithms that can
be applied in nonlinear structural analysis, and phase two resulted in
development of a general purpose computer code based on the studies in
phase one. The results and findings of these two study phases have been
documented in [1,2]. The purpose of this paper is to summarize the features
of the computer program ANSR [2].

THEORETICAL BASIS

The program is based on the finite element discrete equations obtained
from the variational form of the incremental equations of motion described
in a Lagrangian coordinate system. TIn the Lagrangian description, the
kinematics of deformstion of a body is described by three configurations,
namely, the initisl configuration, current deformed configuration and a
neighboring configuration; the initial undeformed eonfiguration C, (time
t = 0) is taken as the reference configuration and the kinetic variables
are the conjugate pair consisting of the second (symmetric) Piola-Kirchhoff
stress and Lagrangian strain.

The incremental equations can be used to study nonlinearities due to
large displacements, large strain effects and/or nonlinear msterial behavior.
The material nonlinearity is specified by an appropriate relationship
between stress and strain.

IAssistant'Research Engineer, Division of Structural Engineering and
Structural Mechanics, Department of Civil Engineering, University of
California, Berkeley, California, U,S.A.
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The dynamic response is obtained by a step-by-step numerical integration
of the equations of motion using Newmark's generslized implicit operator.
Equilibrium iterations can be performed, if desired, in each time step to
satisfy equilibrium subject to a specified tolerance. A variety of iterative
schemes sre included s¢ as to give considerable flexibility to the analyst
to design a solution scheme giving results as accurately as possible with
minimum computation times.

PROGRAM FEATURES AND LIMITATIONS

A, Structural Idealization

(1) The structure to be analyzed is ideaslized as an assemblage of
discrete finite elements connected at nodes. The theory and solution
procedure are based on the finite element formulation of the displacement
method, with the nodal displacements as the unknown field variables.

(2) Each node may possess up to six displacement degrees of freedom,
as in a typical three dimensional frame anelysis.

(3) Certain degrees of freedom can be deleted or combined. This
feature provides the program user ample flexibility in the idealization of
the structure, and may permit the size of the problem to be substantially
reduced. '

(4) The structure mass is assumed to be lumped at the nodes only, so
that the mass matrix is diagonal. The program could be modified to
consider a coupled (consistent) mass matrix.

(5) Viscous damping effects proportional to mass, initial elastic
atiffness and/or tangent stiffness can be included. These effects may be
specified to vary in magnitude from one group of elemenis to the next.

B. Static and Dynamic Loadings

(1) Loads are assumed to be applied only at the podes. Static and/or
dynamic loads may be specified; however, static loads, if any, must be
applied prior to the dynamlic loads.

(2) Por static analysis, s number of static force patterns nmust be
apecified. Static loads are then applied in a series of load increments,
each lcaed increment being specified as a linear combination of the static
force patterns. This feature permits nonproportional loads to be applied.
Each lcad increment can be specified to be applied in a number of equal
steps.

(3) The dynamic loading may consist of earthquake ground accelerations
time dependent nodal loads, and prescribed initisl values of the nodal
velocities and accelerations. These dynamic loadings can be specified to
act singly or in combination.

(4) Earthquake excitations are defined by time histories of ground
acceleration., Three different time histories may be specified, one for
each of the X, Y and Z axes with which the structure geometry is defined.
For any given axis, all support points are assumed to move identically
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and in phase. The accelerations for any time history may be specified at
equal time intervals (as in an artificially generated earthquake record) or
at unequal time intervals (as in a measured earthquake record).

(5) Any number of time histories of dynamic force may be specified.
As with the earthquske records, these time histories may be input at equal
or unequal time intervals. Any dynamic force record may be prescribed to
act at a node or a group of nodes, either as forces in-the X, ¥ or-%
directions, or as moments about the X, Y or Z axes.

(6) Values of initial translational and/or rotational velocity and
acceleration may be specified at each node. Structures subjected to im-
pulsive loads can be analyzed by prescribing appropriate initial veloeities.
For the case of static analysis followed by dynsmic analysis, the displace-
ments at the start of the dynamic analysis are assumed to be those at the
end of the static analysis.

C. Finite Element Library

(1) The finite element library is limited at the time of writing,
consisting of the following.

(a) Three dimensional truss element, which may yield in tension
and yield or buckle elagtiecally in compression. Large dis-
placement effects may be included.

(b) Three dimensional beam-column element, which may be:of
variable cross section and strength, and which yields through
the formation of concentrated plastic hinges at its ends.

The inelastic behavior is considered using interaction
between axial force and major axis bending moment only, and
this interaction may be specified to be either for cross
sections of steel or concrete. Eccentricities at the element
ends may be specified for analysis of coupled frame-shear
wall structures.

{(c) Two dimensional variable number (4-to-8) node finite element
for plane stress and plane strain analysis. Large displace-
ment effects may be included. The material description may
be specified to be isotropic linearly elastic, orthotropic
linearly elastic, or isotropic elasto~plastic with either
von Mises or Drucker-Prager yield function.

(d) Twoc dimensional variable number (4-to-B) node finite element
for axisymmetric solid or shell analysis. TLarge displace-
ment effects may be included. The material descripiions
available are the same as those for two dimensional plane
stress/strain analysis.

(e) Three dimensional variable number (8-to-20) node solid
element for analysis of solids and thick shells/plates.
Large displacement effects may be included. The material
law may be specified to be isotrcpic linearly elastic,
orthotropic linearly elastic or isotropic elastic-plastic
with von Mises yield function,

"
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{£) Boundary (spring) element for use in specifying flexible sup-
ports, prescribed displacements, and for idealizing gaps
between the structure and supporting system.

(2) The program is organized to permit the addition of new finite
elements to the library with relative ease, without modifying the original
program. Alsco, for the currently developed elements in the library, new
material constitutive laws can be added by developing a few new "material
subroutines.

(3) Nonlinearities are introduced at the element level only, and may
be due to large displacements, large strains and/or nonlinear materials.
The programmer adding & new element may include any type or degree of non-
linearity in the behavior of the element.

D. 3olution Procedure

(1) The program incorporates & solution strategy defined in terms of
a number of control parameters. By assigning appropriate values to these
parameters, a wide variety of solution schemes, including step-by-step
iterative and mixed schemes, mey be construected. This permits the program
user considerable flexibility in selecting optimal solution schemes for
particular types of nonlinear behavior.

(2) For static analysis, a different solution scheme may be employed
for each load increment. The use of this feature can reduce the soluticn
time for structures in which the response must be computed more precisely
for certain ranges of loading than for others. In such cases a sophisticate
solution scheme with equilibrium iteration might be used for the critical
ranges of loading, whereas & simpler step-by-step scheme without iteration
might suffice for other loading ranges.

(3) The dynamic response is computed by step-wise time integration of
the incremental equations of motion using Newmsrk's B-y~8 operator. A
variety of integration operators may be obteined by assigning appropriate
values to the parameters 8 and y. However, the most commonly used scheme
will be the "constant average acceleration" scheme (B=1/k, y=1/2, §=0).
Viscous demping effects may be introduced by specifying a positive value to
the parameter §. In most cases, however, damping effects will be introduced
more explicitly, in mass proportional and/or stiffness proportional form.

E. Other Features

(1) Data checking runs may be made prior to execution runs. During
data checking, the program reads and prints all input data, and also prints
any generated data, but performs no substantial analysis.

(2) 1In its current version the program requires that the stiffness
matrix be stored in core. This matrix is stored column-wise in a compacted
form omitting most zero elements. Because the stiffness matrix is updated,
rather than completely reformed, as the tangent stiffness changes, it is
also necessary to save a duplicate stiffness matrix. Updating of the matrix
reguires least numerical operations if the duplicate stiffness matrix can
be held in core, However, this may not always he possible, and hence pro-
vision is made for the user to specify whether the duplicate matrix should
be stored in core or on disc. Modifications for very large systems, using
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blocking and out-of-core storage of the stiffness matrix, are planned for a
future version of the program.

(3) During solution, the decomposition (triangularization) of the _
structure stiffness matrix is carried out on only that part of the updated
stiffness matrix which follows the first modified coeffieient. Significant
sevings in solution time can sometimes be obtained by numbering those nodes
connecting nonlinear elements to be last, so that the operations on the
structure stiffness matrix are limited to the end of the matrix.

(%) The element information is stored either in core or on disc. When
stored on dige, the information is blocked to minmimize input/output cost for
data transfer between core and dise storages. Thus, the number of finite
elements is not limited by the available core storage, except that this
storage must be sufficient to hold the information for at least one element.

(5) Because the structure stiffness matrix is stored in compacted
form, rather than in banded form, there will be relatively small penalties
in storage requirements and equation solving time if there are local in-
creases in the matrix band width. Hence, if a few nodes are to be added to
a structure for which an input data deck has already been prepared, the
additional computational cost incurred by numbering these nodes last may be
less than the man-hour cost involved in renumbering all of the nodes and
preparing a new input data deck,

(6) Because all nonlinearities are introduced at the element level,
and because the structure stiffness matrix is updated, not reformed, due to
nonlinearities, there is no loss of efficlency in computing dynamic respounse
of purely linear structures.

(7T) At present no restart capsbility is included in the program, Such
8 capability will be added in a future version.

PROGRAM STRUCTURE

The program is divided into two parts, namely, (1) the base program
consisting of a series of subroutines performing specific tasks required
for static and dynamic analysis, and (2) a number of auxiliary programs,
each program consisting of a package of subroutines required for a specific
type of finite element in the element library. The base program reads and
prints the structure geometry and loading data, carries out a variebty of
bookkeeping operations, assembles the structure stiffness matrix and
loading, and using the user-specified solution scheme computes the displace-
ment response of the structure. The base program is then combined with
element subroutines of the auxiliary programs to produce a complete package.
The auxiliary program for any one specific type of element performs four
wein functions, nemely, (1) reading and printing of element data, (2} com-
puting tangent stiffness, (3) calculating new state, and (4) outputing
response results. Each of these functions is performed by a separate sub-
routine, and information returned to the base program. The rules for the
linkage and information transmittal between the base program and the
auxiliary program have been simplified, so that auxiliary programs for new
structural elements can be developed and added to the base program relatively
easily. The currently developed auxiliary programs also have the capability
of accepting new material constitutive laws. This is achieved by performing
all computations associated with a particular material in a package of
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"meterial” subroutines, and returning the information to the auxiliary pro-
gram. Again, ruleg for the linkage and transmittal of information between
the "material" subroutines and the auxiliary program have been designed to
give the programmer the ability to code new materiasl models with relative
ease. The capability to add new structursl elements and new material models
is an Iimportant feature of the program for use as & research tool as well as
a practical analysis tool.

The available core storage is allocated dynamically at executicn time.
As mentioned previcusly, the element data is blocked tc reduce input/output
cost for data transfer between disc and core storage. If all element data
can be held in core then no data transfer operations are required. The
program incorporates efficiently designed computational algorithms for
equation solving and stress computations.

SAMPLE APPLICATIONS

The program has heen used to analyze a number of structures with widely
different nonlinear characteristics. The main obJective of these analyses
has been verification of the program features and the various solution
schemes implemented in the program. Wherever possible the results of these
analyses have been compared with the analytical, numerical and/or experimentel
studies of other investigators, and close agreement has been cbtained; see
reference [2] for descriptions of these analyses.

FUTURE DEVELOPMENTS

A number of new capabilities will be added to the program. These in-~
clude restart options, new constitutive material laws such as elasto-plastic
igotropic and kinematic hardening models, a parallel component model, and
soil material models. The program will also be modified to handle out-of-
core blocking of the structure stiffness matrix for use in large scale
structures. A special purpose version of the program is also being developed
for exclusive use in three dimensional nonlinear anelysis of building.
systems. Thermal stress analysis capability including scme simple thermo-
plastic material models have been developed. This paper should be regarded
as a preliminary documentation paper. It 1s anticipated that the program
ANGSR will be continuslly updated to satisfy both research and industrial
needs in nonlinear snalysis.
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EARTHQUAKE RESPONSE OF A CLASS OF TORSTIONALLY COUPLED BUILDINGS

by

C. L. Kan' and Anil K. Chopra’®

SYNOPSIS

Results of an investigation of earthquake response of an important
class of buildings for which the lateral motion is coupled with the
torsional motion are summarized. The relationships between the story
forces in a torsionally coupled system and those in a corresponding
torsicnally uncoupled system are presented, and the effects of torsional
coupling on earthquake forces are identified.

-JNTRODUCTION

Buildings with eccentric centers of mass and resistance respond in
coupled lateral torsional motions te earthquake ground motion, even when
the motion is uniform over the base and contains no rotational components.
Analysis ol torsionally coupled buildings requires that, in addition to
the usually considered translational degrees of freedom, the torsional
degree of freedom be included for each floor. It is pessible, however, to
establish relationships between the response of a torsionally coupled
building teo that of one which is torsionally uncoupled but otherwise
possesses identical properties. These relationships are presented here and
some of the effects of torsicral coupling on respecnse are identified.

THE IDEALIZED SYSTEM

Characteristic of many multistory buildings are the following features:

(i) All floors of the building have the same geometry in plan and the same

locations for columns and shear walls. (ii) The ratio of the story stiff-

ness in the two principal directions of resigtance is about the same for
all stories. With reference to the building idealization consisting of
rigid floors supported on massless., axially inextensible columns and walls

(Fig. 1), the class of buildings mentioned is assumed to satisfy the

following restricticns:

1. The principal axes of resistance for all the stories are identically
oriented, along the x~ and y-axes shown.

2. The centers of mass of the floors all lie on one vertical axis.

3. The centers of resistance of the stories all iie on another vertical
axis, i.e., the static eccentricities e, and ey are the same for all
the stories.

4. All the.flcors have the same radius of gyration r about the vertical
axis through the center of mass.

5. The ratios of the three stiffness gquantities == translational stiff-
nesses in - and y-directions, Kxi and X i and torsional stiffness
Kﬁi -- for any story: ¥

2
K'yi/Kxi - By ’ KEi/(r Ko = By

IGraduate Student, IIProfessor of Civil Engineering, University of
California, Berkeley, California, U.5.A.
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are independent of the story number i, i.e., the ratios are the same for
all stories.

For this system, each floor has three degrees of freedom: x- and y-
displacements, relative to the ground, of the center of mass and rotation
about a vertical axis -- resulting in a total of 3N (N=number of stories)
degrees of freedom.

STORY FORCES

Considering ground motion only in the x~direction, characterized by
hyperbolic or flat acceleration response spectrum (Fig. 2), the forces in
a story of the torsionally coupled system —-- the shear in x-direction, Vx’
shear in y-direction, V,, and torque T defined at the mass center or Tr
defined at the center o¥ resistance -- can be expressed in terms of the
shear, Vy,, in the same story of the corresponding torsionally uncoupled
system -- a system with coincident centers of mass and resistance but all
other properties identical to the actual system (1):

vV =VV, V=VV , T=rTV , T =¢rT V (1)

The dimensionless coefficients Gx, v ' T and ER are the same for every
story of the building. They are also the normalized forces -- normalized
in accordance with Eq. 1 -~_in an associated one-story system having the
following properties: Kp/(r" Ky} = By, Ky/Ky = By, ey/r and ey/r same as
for all the stories of the multistory building.

It can alsc be shown that the overturning moments,ﬁf and_/q at any
level 1n the torsionally coupled system ars

/A1x = Gx xo! /A1y = Vyfﬁao (2)

where//ﬁ;o is the overturning moment at that particular level of the
corresponding torsionally uncoupled system.

NORMALIZED FCRCES

Interaction Egquations

It can be shown analytically (1) that the normalized forces for
earthquake motion in the x-direction, characterized by either a flat or
hyperholic acceleration spectrum, satisfy the interaction equation

Vo + VvV O+ T = 1 (3)

It is apparent from Egs. 1 and 3 that, for flat or hyperbolic acceleration
response spectra, story shears and overturning moments in a torsionally
coupled system are less than in the corresponding uncoupled system.
Earlier studies (2,3) arrived at the same conclusion but in a restricted
sense: The conclusion was based on numerical results for specific systems,
and hence applicable only to those systems.

Interaction equations can also be derived (1) in terms of the torque
at the center of resistance. For ground motion in the x-directicon, these
are:
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2 =2

=2 v 'R |
v, o+ Z 3 > =1 ()
By Bt - (ey/r) - (ex/r) By

for hyperbolic acceleration spectrum, and

~2 =2 2

_ v T, - {e /1)

Vi + Loy 3 3 b > =1 (5)
BY Bt - (ey/r) - (ex/r) By

for flat acceleration spectrum. For structures symmetric about the y-axis,
VY = 0 in Egs. 3—5.. Replacing Vg, by V., in Eg. 1 and interchanging the
subscripts x and y in Egs. 4 and 5 results in the interaction equations
for forces due to ground motion in the y-direction.

Numerical Results «
Numerical results for the normalized shear forces Vx and V. and a
normalized measure of the torgue: b4

T T
~ _ R _ R :
Tr TV e (ey/r) (6)

v

are presented next. This particular definition of normalized torgue is

chosen as it may be interpreted as the ratio of dynamic eccentricity to

static eccentricity: ed/ey, where egq = TR/on is the dynamic eccentricity,

the distance from the center of resistance at which the shear V_  must be
X . X0

applied to result in the torque TR'
The three normalized forces depend only on the shape of the accel-

eration response spectrum -- flat or hyperbolic, frequency ratios uwg/w

and w,/w,, static eccentricities e,/r and e,/r and damping factor £.

The tgree frequency parameters w,, w and wg may be interpreted as the

uncoupled frequencies of the associaged one-story system, the natural

frequencies of the system if it were torsionally uncoupled (e, = ey = 0);

my/mx = /g;'and me/wx = /E; . The results of Fig. 3-5 and other

numerical results (1) not presented here lead to the following conclusions:

1., The shear in the direction of ground motion, V., and the torque are
essentially independent of w /wx, except for a relatively narrow
band of w,/w, around wy/mx =1 (Fig. 3).

2. The torque generally inhcreases with increase in e./r, the component of
eccentricity perpendicular to the direction of ground motion. But it
may decrease (Fig. 4), and often does, when e,/r, the component of
eccentricity along the direction of ground motion increases.

3. The effect of torsional coupling depends strongly on me/wx, the ratio
of natural frequencies for uncoupled torsional and lateral motions of
the corresponding uncoupled system (Figs. 3-5).

4. The effect of torsional coupling decreases as damping increases.

CONCLUDING REMARKS

In the preceding sections, Eq. 1 formed the basis for studying the
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effects of torsional coupling on earthquake response of buildings. The
equation also suggests that for a torsionally coupled building belonging
to the particular class considered, the maximum response forces can be
determined by analyzing (i) the corresponding torsionally uncoupled
building, a system with N degrszes of freedom, and (ii) the associated
one-story system -- with 3 degrees of ‘reedom. This procedure and its
extension to buildings that do not belong to the particular class is
presented elsewhere (l). ¢
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ENERGY ABSORBING DEVICES IN STRUCTURES
UNDER EARTHQUAKE LOADING

by
d. M. KellyI and D. F. TsztooII
SYNOPSIS

Several different types of energy absorbing devices have been proposed
for incorporation into structures designed to resist earthauake attack.
The basic concept is that the energy dissipating, needed to absorb the
kinetic energy imparted to the structure by earthquake loading, can be con-
centrated in devices specifically designed for that purpose. In previous
work we have deseribed a particular type of device which operates on the
principle of large plastic deformation of mild steel in torsion. It has
been shown that the device can provide substantial energy absorption over
many cycles of plastic deformation, that the lifetime of the device and
its absorption capacity are not decreased by increasing strain rates or by
random loading.

In this paper we describe a series of tests in which a half scale
three story single bay steel frame fitted with these torsion type energy
absorbing devices was subjected to simulated earthquake loading on the 20
ft. square Farthquake Simulator Facility. The results of the tests are
compared in this paper to those for two other series on the same frame
when the devices were not used. The test series are taken as establishing
the feasibility of the energy absorbing device concept.

INTRODUCTION

Many structures are currently designed for multiple load carrying and
resisting capacities. Where earthquakes constitute a hazard, a seriocus
problem may exist in that multi-functional struectures may not only suffer
damage to their selasmic resistance capebilities but also to their normal
load carrying capacities as well. All structural mechanisms for the
absorption of seismic energy simultanecusly diminish the capabilities of
structures to carry loads under normal gravity and wind conditions. Even
if repairs are effected after each earthquake attack there is always the
pessibility that some structursl demage has accumulated in the structure.

The underlying theme of the work reported here concerns the separa-
tion of gtructural earthquake resistance from structural load carrying
capacity; the structure is designed to resist gravity and wind loads and
special energy absorbing mechanical devices are integrated into the
structure to provide seismic resistance and thus to protect the major
structure at the expanse of the replaceable energy absorbing devices. The
effectiveness of such devices may be enhanced by incorporating them into a
base isolation system which not only isolates the structure from seismic
energy but channels such energy into the devices. Possible isolation
systems include designs incorporating flexible first stories or stepping
support foundations.

IProfessor of Civil Engineering, Earthquake Engineering Research Center,
University of California, Berkeley, California, U.S.A.

IIGraduate Student, Department of Civil Engineering, University of
California, Berkeley, California, U.S.A.
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The benefit/cost ratios of such designs are favorable. The major
structure can be designed *to be lighter and more econcmical since much of
the damaging seismic energy can be absorbed by the devices. Low mainten-
ance and replacement costs are possible., The devices can be designed to
resist corrosion and require little monitoring and to be replaceable with~
out disruption to the main structure. The cost of the devices would be a
small percentage of the major structure cost.

A study of the feasibility of such devices has been reported by Kelly,
Skinner, and Heine [1,2] in which various mechanisms of energy absorption
were studlied. The characteristics of these mechanisms which were of
primary importance were the load displacement relationships, the energy
apsorption capacity and the low cycle fatigue resistance. Tt was shown
that the plastic torsion of mild steel is an extremely efficient mechanism
for the absorption of energy and that the mode of failure in torsion is a
favorable one for use in an energy absorbing device in that it takes the
form a a gradusl decay.

The research to be reported in this paper is concerned with the exper-
imental verification of the use of energy absorbing devices in earthquake
resistant design. We have recently been able to carry out in a series of
tests in which a three story model steel frame was fitted with energy
absorbing devices and subjected 1o several earthquake loadings on the 20
ft. square shaking table at the Earthquake Simulator Laboratory of the
Earthquake Engineering Research Center. The column bases of the frame
were fitted with a special type of footing which provided full horizontal
constraint but allowed the bases to move freely vertically. Roller
bearings are incorporasted to facilitate free vertical movement. The frame
so fitted was subjected to a series of similated earthquake loadings using
the El Centro N-S 1940 record scaled up to & maximum intensity of .T786g.
The results of this series of tests on the free uplift frame has been
reported by Huckelbridge and Clough [3].

Following these tests the column bases of the frame were modified to
include torsion type energy absorbing devices with one deviece at each
column base. The devices were located in such a way that they operated
only when the column foot lifts off the foundation, in this case the
shaking table, When the column foot lifts up the device produces a down-
ward restraining force which is almost constant and when the foot moves
back downwards the device produces an upward force, thus absorbing energy
from the frame.

The results of the present series are compared in this report with
previous El Centro tests on the frame with the feet tied down and the feet
free as reported in [3].

TEST PROGRAM

The test structure is pictured in Fig. 1. A complete description of
member sizes and connection details is given by Clough and Tang [:].
Details of the modifications needed to allow the column feet to uplift are
given by Huckelbridge and Clough [3]. It should be noted that the feet
although free to move vertically are constrained by the uplift mechanism
to follow the horizontal displacement of the table. The modifications of
the uplift mechanism %6 incorporate the energy absorbing device are showm
in Fig. 2, and details of the design of the device are given in Fig. 3.

The data acquisition system of the University of California shaking
table has been described by Rea and Penzien [5]. Up to 128 channels can
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be monitored in discrete sampling intervals, and the digital data stored on
the disk of 2 mini-computer system. Subsequently the data is transferred to
magnetic tape for detailed reduction. For the tests deseribed here, 36 table
functions and 90 transducer channels on the model were monitored, with a
sampling frequency of approximately 50 points per second for each channel.

During the tests 5 types of electrical transducers were utilized to
provide data: accelerometers, potentiometers, DC LVDT's, strain gages .and
half-bridge on-off contact switches. Accelerometers monitored the three
horizontal floor accelerations and the table acceleration. Potentiometers
and DC LVDT's monitored the three horizontal floor displacements relative
to a fixed reference station off the table, the vertical displacements of
the four column hases relative to the table surface, and selected frame
member displacements. Strain gages were positioned on the various members
to give the complete force distribution throughout the struecture. 'The con-
tact switches were placed between each column base and its impact pad to
indicate the times of separation of the two elements during uplift.

The tests were carried out with six different intensities of the El
Centro N-S 1940 record without vertical component with maximum intensity
up to .786g. The intensities used here were the same as those of the tests
reported in [3].

EXPERIMENTAL RESULIS

The results of the test series were very positive. At each intensity
{from about 10% g max. to about T5% g mex.) the uplift of the frame footings
and the relative story displacements with devices was much less than when
the frame was free to uplift as shown in Figs. 4 and 5. The column tension
and base shear with devices were also much less than those experienced
when the frame feet were rigidly fixed to the foundation as indicated by
Figs. 6 and 7. Although not illustrated comparisons of base overturning
moment produced the same results as the base ghear. A summary of thege
results is given in Table 1.

CONCLUSIONS

Comparisons of the results for the cage with energy absorbing devices
with those for the base fixed and with those for the frame without any
anchorages show that the use of the devices is generally beneficial. The
devices off'er enough base restraint to keep relative story displacements
almost the same as in the fixed base case but substantially less than when
the frame was uncoupled vertically from 1ts foundation. Yet the devices
absorb enough energy and allow partizl base uncoupling to reduce column
forces to levels much less than those for the fixed base case and to
levels comparable for the unanchored case, Another notable fact is that
the base shear and overturning moments were reduced by the devices to less
than those experienced in hoth the fixed base and free base cases.

Thus it is believed that the tests have established the feasibility
of the use of energy absorbing devices in seismic resistant design, at
least in so far as El Centro type earthquakes are concerned. Work on the
response to other types of earthquakes is continuing.
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EVALUATION OF METHODS FOR EARTHQUAKE ANALYSIS OF STRUCTURE-SOIL INTERACTION
by
. I . 1T
Jorge A. Gutierrez” and Anil K. Chopra
SYNOPSIS

Three methods for analysis of earthquake response of structures
including structure-scoil interaction are evaluated for their effectiveness
end applicablility in handling various types of structures and soil conditions
encountered in practice. Two of these~-a simple substructure method and a
direct finite element method--have been employed in analysis of practical
problems for sometime, wheress the third, a general substructure method, has
been developed only recently.

SIMPLE SUBSTRUCTURE METHCD

In the early research(ll the structure was idealized as a one-dimensional
system, the base of the structure as a rigid plate supported on the surface
of the soil region idealized as a halfspace. The available results for
harmonie vibration of a rigid plate on an elastic halfspace were used. The
complex valued stiffness {or impedance) coefficients, which depend on the
excitation frequency, relate the harmonic forces applied to the rigid plate
and the resulting displacements. By imposing requirements of equilibrium
between the interaction forces and of compatibility between displacements
at the base plate in the {two substructures--the structure and the soil
systemn-—these lmpedance coefficients were incorporated in the governing
equations for the structure written in the Fourier-transformed frequency
domain. These eguations are solved for a range of excitation frequencies
and then using Fourier transform methods the response to arbitrary ground
motion may be determined.

This analysis procedure is referred to as a substructure methocd hecause
the system is analyzed in two steps: First the dynamic of a rigid plate on
the s0il region iz analyzed separately from the structure; the resulting
foundation impedance coefficients appear in the structural equations, which
are then solved to determine the structural response.

The first stage of such analyses, the general problem of dynamic
response of rigid footings, has been the subject of considerable research:
various footing geometries—-—circular, rectangular and strip--were considered;
the soil was treated as a viscoelastic material thus removing the restric-
tion of linear elasticity; various soil regions--e.g., halfspace, layer,
layered halfspace, were considered; embedded footings were analyzed.

This method is especially convenient if the base of the structure, the
constitutive properties of the soil, and the geometry of the soil region
can be idealized tco conform to one of the above-mentioned cases for which
foundation impedance coefficients are available. Then, only the second stage
of the analysis need be performed.

The computaticn in the second stage of the analysis can be drastically
reduced as follows. The displacements are decomposed into two parts as
shown in Fig. 1. The part rS may be interpreted as the quasistatic dis-
‘placement in the jth degree of freedom due to base translation rjy, and
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rotation roy. The part r§ which then represents the dynamic displacements
relative to the quasistatic displacements is expressed as the superposition
of the natural modes of vibration of the structure on fixed base. Because
excellent results can be obtaired hy including only the first few modes,

the nurber of algebraic equations that need to be solved for each excitation
frequency are considerably reduced, thus drastically reducing the computa-
tional effort, because the solution of eguations h?§ to be repesated for
several hundred values of the excitation frequency 2),

The simple substructure method of analysis outlined above has a number
of important limitations: The assumption of a rigid base plate is not
appropriate in many situations; e.g., buildings with stiff central core
ccmbined with flexible frames 3), buildings supported on a number of
individusl footings, concrete gravity dams, and earth dams. Only approximate
solutions are available for foundation impedance coefficients for embedded
foundations. Solutions have not been completely developed for foundaticn
impedances required in analysis of two or more adjacent structures involving
structure-soil-structure interaction. Arbitrary non-homogeneities in the
halfspace cannot be tackled.

In the simple substructure method, the specified free-field earthquake
motion at the base of the structure is directly treated as the excitation.

DIRECT FINITE ELEMENT METHOD

The direct method for analysis of structure-soil ?Kst?ms is the result
of an obvious applilcation of the finlte element method >0 . The system to
be analyzed is defined simply as the structure combined with a portion of
the soil. While this method has the obvious advantage in that it can
roubtinely handle non-homogeneous soil properties and embedded structures,
it has a number of serious limitations, the more important of which are
discussed in what follows.

A boundary is introduced to define the portion of the soil to be
included in the system to be analyzed, whether a natural dividing line such
as a scil-rock interface exists at the site or not. To overcome this
definiency, trangmitting bo?g?aries to limit the lateral extent of the soil
portion have been developed s, but the horizontal boundary to define the
vertical extent must be assumed as rigid. To ewvaluate the errors that may
be caused by the introduction of such(%)rigid boundary, the recently
developed general substructure method was employed to determine the
dynamic response of an example structure supported on a viscoelastic soil
with specified properties; two idealizations for the geometry of the soil
region: a layer of depth equal to the base w%d h of the structure, as
recommended for analysis by the direct method > , and a halfplane. DNumerical
results (not presented here but will be reported elsevhere) demonstrated that
if essentially similar soils extend to large depths at the site under con-~
sideration, the direct finite element analysis would be in error to an
unacceptably large degree.

Because essentially all of the information on ground motion during
earthquakes is based on records from accelerographs located on the ground
surface or at shallow depths--in basements of buildings, the design
earthquake is specified at the ground surface. However, in the direct
finite element method the earthquake input is defined at the base of the
finite element mesh at considerable depth. This input is determined by
deconvolution of the surface level motions, assuming that they were produced
exclusively by vertically propagating shear waves, This assumption
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excludes surface waves as well as non~vertlcally incident body waves. The
latter can cause significant torsional response even when the structure is
symmetric, whereas a vertically incident body wave would not cause any
torsional response in such a structure(8).

Enormous computational effort is required in direct analysis of
structure soil systems because finite element idealizations that are typically
used for such analyses have several hundred to a few thousand degrees of
© freedom., Furthermore, modal analysis cannot be used with advantage to
reduce the number of unknowns because the natural modes of vibration of the
complete structure-soil system are generally inefficient in representing
the deformations of the structure.

In its commonly used form(S), the direct method is limited to two-
dimensional finite element systems, leading to significant errors in analysis
of even an isolated structure and requiring unrealistic simplifications in
modelling of a gomplex of structures encountered in analysis of nuclear
power plants(loﬁ.

GENERAL SUBSTRUCTURE METHOD

To overcome the limitations of the direct finite element method, a
substructure method which is a %e?eralization of the simpler version dis-
cussed first has been developed T}, This method can analyze strueture-soil
systems with the structure idealized as a finite element system and the
soil region as either a continuum, for example as a viscoelastic halfspace,
or as a finite element system. The free-field earthquake motion, ineluding
spatial variations if any, at the structure-soil surface is treated directly
85 the excitation, thus eliminating the deconvolution calculaticns and the
related assumptions required in the direct method.

The concept of the foundation impedance coefficients is generalized as
shown in Fig. 2 to avoid the restrictions of a rigid base plate in the
simple substructure method. Methods have been developed to determine the
foundation impedance matrix considering a deformable structure-soil inter-
face for soil regions idealized as a finite element system\T) or as a
viscoelastic half plane(11),

Theoretically, for structure-soil systems idealized as an assemblage
of finite elements, the general substructure method will lead to results
identicsl to those from the direct method, provided the free-field motion
prescribed at the structure-soll interface in the substructure method is
consistent with--i.e., represents the free field response of the soil region
to-=the motio?Tgrescribed at the base of the finite element mesh in the
direct method Computationally, however, the substructure method is
more efficient(7). ‘

The substructure method is computationally efficient becasuse it works
with two smaller systems--the structure and the soil region--and more
important, it takes advantage of an extension of the modal analysis concepts
discussed earlier in context of the simple substructure method. By
separating the structural displacements into two parts, the quasistatice
displacements assgociated with the interaction displacements at the structure-
soil interface and the remaining dynamic displacements, and expressing the
latter as superposition of the first few modes of vibration of the structure
. on fixed base, a drastic reduction in the computational effort is achieved.
Accurate solutions are obtained by inecluding only those modes with natural
frequencies within-~or slightly beyond--the frequency range of interest.
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For example, accurate solutions over the frequency range 0-10 cps were
obtained for a structure with 96 degrees of freedom by considering only
the first four vibration modes on fixed base'T!,

The substructure method is applicable to complex structural idealiza-
tions, with the soil region idealized as a viscoelastic halfspace or as a
finite element system, whichever is appropriate for the particular site.
For finite element idealization of the soil region, the substructure method
provides, for the reasons discussed above, a better alternative to the
direct method. For sites where essentially similar soils extend to large
depths and there is no obvious rigid boundary such as a soil-rock interface,
numerical results (not presented here to keep this presentation within
limits) have demonstrated that the direct method would generally result in
unacceptable errors and the general substructure approach provides the only
religble analysis fechnique.

Combining the attractive features of the two commonly used methods-—-
simple substructure method and direcet finite element method--the general
substructure method provides an effective approach to earthquake analysis
of structure-scil systems, capable of analyzing any system that the commonly
used methods can, and more.
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PROBLEMS IN PRESCRIBING RELTABLE DESIGN EARTHQUAKES
by
. I . 1T . TIT
Vitelmo V. Bertero, BStephen A. Mszhin, and Ricarde A. Herrera
SYNCPSIS

FEarthquake ground motion characteristics controlling the elastic and
inelastic response of structures are shown to be fundamentally different.
Limitations of present methods for specifying design earthquakes for build-
ings located near potentizl sources of a major earthquake are examined. In
particular, the relisbility of inelastic design response spectra derived
directly from linesr-elastic design response spectra is evaluated on the
basis of the nonlinear dynamic response of single and multiple degree-of-
freedom systems to near-fault accelerograms obtained during the San Fernando
earthqueke. Guidelines for prescribing inelastic design response spectra
for near-fault sites and recommendations for further research are offered.

INTRODUCTICN

To achieve an efficient aseismic design it is necessary to predict
structural behavior for various critical combinations of losads and seismic
excitetions for each of a structure's limits of usefulness (1limit states).
While evaluation of all possible limit states in accordance with the philo~
sophy of comprehensive design 1) is impracticable at present, satisfaction
of the requirements for service gnd ulbtimate limit states is generally
desirsble and appears feasible. To prevent functicnal failure during rela-
tively frequent seismic events (service limit states), structures should
generally be designed to behave elastically. For unusually severe ground
shakings, inelastic behavior up %o the point of incipient dynamic collapse
(ultimate limit states) may be tolerated. While analytical metkhods for
predicting the mechanical behavior of structures sasre reapidly improving,
considerable uncertainty remains regarding the characterization of design
earthquakes. Resolution of this problem is complex because the critical
ground motion wvaries according to the limit state congidered.

The results of several studies(l’g) conducted to identify special
problems encountered in prescribing design earthquakes for buildings located
close to potential scurces of major earthquakes are summarized in this
paper. Methods currently used to specify design earthquakes, as well ss
some recent information regarding the characteristies of ground motions at
near-fault sites, are reviewed and evaluated. The aseismic design ifmplica-
tions of this evaluation are examined.

PRESENT METHODS OF PEESCRIBING DESIGN EARTHQUAKES

The ground motion experienced at a site is a complex funcetion of the
type and characteristics of the source mechanism, the anature of the
intervening geological structure, and the topographical and soil conditions
near the site. A usual design simplification is to consider only noncon-
current action of horizontal ground translational components. It should be
recognized that, for sites near the earthquake source, it may be necessary
to base structural response evaluations on the similtanecus action of all
six ground components 3) and to consider realistically the nonlinear soil-
structure interaction.

I Professor of Civil Engineering, University of California, Berkeley,
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SERVICE LIMIT STATE DESTGN EARTHOQUAKES, - Design earthquakes have been
specified in terms of a building code zone, a site intensity factor, or more
increasingly, an effective site acceleration. However, for structures
located at moderate distances from the source, it is generally agreed that
one of the best ways to specify the service limit state design earthquake

is by an average or smooth linesr-elastic design response spectrum {IEDRS).
Such a spectrum can be constructed by statistical analysis of elastic spectra
obtained for appropriate real or simulated accelerograms, or by scaling the
peak ground acceleration, veloeity and displacement by spectral l ficg~-
tion factors statistically derived for various amounts of damplng. - When
only estimates of peak ground acceleration are available, it has been
suggested that reasonable values for the pesk ground velocity and displace-
ment can be obtained by muitiplying the ground acceleration g?xpressed as a
fraction of gravity)} by 122 cm/sec and 91 cm, respectively.

ULTIMATE TIMIT STATE DESIGN EARTHQUAKES. - Design forces significantly lower
then those derived from LEDRS for major earthquakes may be used in some
cases by taking advantage of a structure's inelastic energy dissipation
capacity. Preliminary ultimate limit state loads can be c¢btalned using
inelastic design response spectra (IDRS) derived by statistically evaluating
the dynamic response of rea%%itlc nonlinear structural models to various
appropriate ground motions. Because of the complexities involved in such
nonlinear dynamic snalyses, a simpler ?eghod which derives IDRS by directly
nmodifying LEDBRS is more commonly used. In this method, the LEDRS is
modified using factors for a specified displacement duetility ratio. These
factors were derived on the basis of analyses of elasto-perfectly plastic
responses of single degree-of-freedem (SDOF) syste?s to several strong motion
records obtained at moderate epicentral distances. >} Caution should be
exercised when applying this simplified method to sites subjected to signi-
ficantly different types of ground motions, to multiple degree-of-Treedom
systems, or to systems with %{ster tic behavior different from the assumed
elasto-plastic idealization.

CHARACTERISTICS OF NEAR-FAULT GROUND MOTIONS

Very little empirical data are available on ground motion charscteris-
tics, especially peak ground acceleration and veloeity, for epicentral
distances less than 15 km. Theoretical estimates of the upper limit for
peak particle velocities range from 100-150 cm/sec. 5,7, Analytical
studies based on simple two- and three-dimensional fault dislocation models
(9,10) have indicated that the near-fault ground motions of the San Fernando
earthquake were characterized by large ground velocity pulses. The Pacoims
Dam (PD) record {which was the only accelerogram recorded in the area of
heaviest shaking), snd derived records for the base of the PD (i.e. the DPD
record) and for the motion needed to produce the lower Ven Normen Dan {VND)
seismoscope trace, are shown in Fig. 1. These records contain severe, long
duration acceleration pulses which resulted in wnusually large ineremental
ground velocities (Fig. 1) and spectral velocities for periods greater than
0.8 see. {Fig. 2). Such severe, long ufa§1on acceleration pulses can be
directly related to the faultln% groces and they have been detected in
other near-fault accelerograms.

RELIABILITY OF IDRS BASED ON LEDRS

The basic approach of deriving ITRS directly from LEDRS can seriously
be questioned since the types of execitations that induce the maximum response
in linear and inelastic systems are fundamentally different. In the case
of a linear-elastic system, the critical dynamic excitation is of a periodic
type having a frequency equal to that of the system; this induces san
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engineering resonance phenomenon., Bince the largest dynamic amplification
factor for an impulsive excitation is only 2, severe, relatively long dura-—
tion acceleration pulgses are not usually eritical for elastic systems. On
the other hand, the larger the intensity of the effective acceleration of a
pulse with respect to the structure's yileld strength, and the shorter the
time to reach the pesk acceleration and the longer the duration of the pulse
relative to the fundamental period of the structure, the larger the inelastic
deformations that will develop. Relatively short, periodic accelersation
pulses are usually not critical for inelastic systems because, one yielding
oecurs, engineering resonance is depressed by the large energy dissipated
by even small inelastic deformations.

Several nonlinear dynamic analyses of sirgle and multiple degree-of-
freedom systems were performed to assess the reliability of present methods
of construeting IDRS from ILEDRS for near-fault sites in view of possible
severe, long duration acceleration pulses. For example, the actual ductility
requirements for elasto-perfectly plastic SDOF systems with 5% viscous damp-
ing designed according to the IDRS in Ref. 5 for a desired ductility of four
are shown in Fig. 3a for the El Centro and TPD records. While the maximum
displacement ductilities required for the E1 Centro record are generally
smaller than those predicted by the IDRS, ductilities required by the DPD
record exceeded the specified value by factors as great as 2.2 for periods
longer than G.4 sec. IDRS based on ductility factors larger than 4 are
even less reliable for nesr-fault motions.

Nonlinear analyses(l) of a ten-story, three-bay frame(z) designed using
an IDRS for a duetility, u, of four and with spectral veloc%t%es in the
coustant velocity renge 31% higher thanm conventional values 5] also indicate
that IDRS derived directly from LEDRS may not adequately define ultimate
limit state design earthquakes. The frame's nonlinear response to records
obtained at moderate epi?e?tral distances was adequate 2), while not so for
the DPD and VND recorfs.‘'l/ The response of the frame to near-fault records
was cherascterized by a few large inelastic digplacement excursions rather
than by numercus intense oscillations, Fig. 4. The results in Fig. 4 also
indicate that inelastic response cannot be religbly predicted by elastic
analyses.

Derivation of IDRS directly from LEDRS implicitly assumes that increas—
ing damping is as benefitial to the response of inelastic systems as it is
to that of elastic systems. This is not the case, however. It has been
found that the spectral amplification factors used to constiruct LEDRS 5)may
significantly overestimete the effect of damping on inelastic response, il
resulting in lower design forces than actually required to achieve a given
. The typical effect of this is illustrated by Fig. 3b which shows that
ductility requirements,for elasto-perfectly plastic SDCF systems designed
using suggested IDRS 5) for a u of four increase with increasing wvalues of
the viscous demping ratio, E.

IMPLICATIONS FOR ASEISMIC DESIGN

LEDRS offer relstively simple and reliable methods for specifying design
earthquakes for service limit states. At nesr-fault sites, however, ground
spectrum shapes based on strong motion records cbtained at moderate source
distances may significantly underestimate the peak ground veloecity and dis-
Placements. Reallstic spectral shapes based on analyses of available near-
famlt records, or from theoretical predicticns accowmting for the faulting
process and the nonlinear mechanical characteristics of a building's
foundation media, should be used. To better define design earthquakes,
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strong motion instrumentation capable of recording 211 six ground motion
components is needed at sites close to potential sources of major earthquakes.

DESIGN EARTHQUAXKES FOR ULTIMATE LIMIT STATES. - Near-fault records can contain
severe, relatively long duration acceleration pulses. Such pulses substan-
tielly increase the spectral velocity and, more importantly, the reguired
seismic resistance coefficient, Cy, of buildings, particularly those with
relatively long periods. To illustrate this, the values of Cy needed to
limit duetility to four for the El1 Centro, DPD and VND records {normalized
to 0.5g peak acceleration) are compared in Fig. 5 to current IDRS(5) and
code values.\l) Uniess the values of dsmping and ductility usuaily assumed
in design can be substantially inereased, structures located at near-fault
gites must be designed for much higher forces than currently specified in
codes. ' The IDRS requires sufficiently High C, values in the short period
range, while underestimating them for the near-fault records at periods
gregter than 0.5 sec.

Although structures can be detailed to accommodate the large ductilities
that might result at near-fault sites if they were designed using current
cocde or IDRS foreces, this may not be desirable except for short period
structures. The danger of underestimating design forces at near-fault sites
is illustrated by the performasnce of the Olive View Hospital Main Building
during the 1971 San Fernando earthquake.(l Although this six-story reinforced
concrete building, located near the fault rupture, had values in excess
of 0.3 (which would correspond to a ductility requirement of about 4 for 5%
damping and pesk ground acceleration of 0.5g), it suffered permenent drifts
exceeding 75 em and had to be demolished.

Since unltimete limit state design criteria are not only controlled by
the energy dissipation capacity of the structural system but also by the
deformations that can be tolerated due to economic, safety or stability
considerations, selection of displacement ductility based cn energy dissipa-
tion alone may not be a sufficient basis for establishing design earthquakes.
In particular, the selection of a design ductility factor without regard tc
structural period or earthqueke type (magnitude, source distance, duration,
etc.) is inadequate. Furthermore, current IDRS do not give any indication
of the total amount of inelastic action, or numbers and magnitudes of inelas-
tie reversals which are essentiel for detailing critical regions. Comprehen-
sive studies to determine more rational methods for establishing acceptable
duetilities, particularly for flexible structures, are needed. Investigations
are also needed regarding the economic impact of designing structures for
either seismic resistance coefficients or design duetility ratios higher
than those presently assumed.

Extensive research is also needed to fully characterize near-fault
ground motions (particularly, duraticn of shaking and the number, seguence
and features of intense, relatively long duration ascceleration pulses).
Misleading results can be obtained for nesr-fault sites if accelerograms
characteristic . of earthquskes with different magnitudes, source distances
and soil conditions are used. For example, accélerograms cbtained on soft
soil at sites distant from the source often contain very long, but rather
moderate acceleration pulses. Normalization of these records to larger
peak accelerations, may be unrealistically severe for inelastic systems.

"CONCLUDING REMARKS

Prediction of inelastic response on the basis of linear-elastic
analysis, and correspondingly, direct derivation of IDRS from LEDRS, have
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been shown to be unrelieble since the ground motion characteristies that
control elestic and inelastic dynamic response are fundamentally different,
and the effect of viscous damping is different. The relisbility of simple
relationships for construeting IDRS from LEDRS is expected to remain small
even if more refined ground spectrum shapes for near-fault events and spec-
tral amplificetion factors for yielding systems are developed. Thus, it

may be preferable to obtain IDRS from a statistiesl analysis of the non-
linear dynamic response of SDOF systems with realistic hysteretic models to
numerous types of ground motions. Nondimensional nonlinear response spectrs,
Fig. 6, can be developed for a particular record in terms of period, damping
ratio, ductility and the paremeter, n, defined as the ratio of the seismic
resistance coefficient to the peak ground acceleraticn expressed as a
fraction of gravity. 1) For given values of period, damping and pesk ground
acceleration, the seismic resistance coefficient required to limit the
ductility to a desired value can be determined. Statistical analysis of
such nonlinear spectra could lead to a hetter definition of the design
earthquake which could explicity account for the variability of response.

It should be reiterated that design methods based on SDOF systems are
only spproximate guidelines for multiple degree—of-freedom(MDOF) systems.
The seismic response of such systems designed using these methods should be
thoroughly investigated to determine ways that IDRS obtained for SDOF systems
should be modified for MDOF systems or to formulate new procedures for
establishing design earthguakes for the inelastic design of MDOF systems.
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SEISMIC DESIGN IMPLICATIONS OF HYSTERETIC BEHAVICOR OF
REINFCRCED CONCRETE STRUCTURAL WALLS

by
T I T II
V. V. Bertero,~ E. P. Popov,* T. Y. Wang, ™ and J. Vallenas

SYNOPSTIS

After reviewing current code aseismic design provisions for R/C struc-
tursl wall systems and present knowledge of their hysteretic behavior, re-
search being conducted on this subject at Berkeley is summarized. The faci-
lity selected for testing frame-wall subassembleges, details of the 1./3-scale
wall subassemblage models tested, the fabrication procedure, mechaniecal
characteristics of the materials, and the selection of the test loadings for
these models are discussed. The main results obtained are evaluated and their
implications for aseismic design of freme-wall structural systems are discussed.

INTRODUCTICN

In buildings with frame~wall structural systems, the interaction hetween
wall and frame, particularly during their hysteretic behavior under severe
earthquake-like conditions, is not very well understood at present. While
the UBC and SEAOC recommend increasing the value of earthquake forces in cal-
culating shear stresses in shear walls of buildings without a 100% moment-
resisting frame, the ACT does not. Although it is convenient to have a
greater safety factor against nonductile shear failures, it is not believed
that merely increasing the value of the design seismic loads is the best way
of achieving this. To achieve ductile hysteretic behavior, a wall should be
designed against the maximum shear that can be developed according to the
actuel flexural capacity (as affected by the axial force) of its critical
region and considering the critical moment-shear ratio that can exist at such
a region. Even if the maximum shear can be estimated with sufficient engineer-
ing accuracy, there gtill remains the problem of designing against it. Up
until 1970, most of the available experimental results on the behavior of wall
elements were obtained from tests of one- or two-story R/C walls, or infilled
R/C frames which were sublected to simplified loading conditions whiech did
not simulate the ac?&a% gffects of earthquake excitations. Only in some re-
cent invegtigations:i—2*» ) have attempts been mede to simulate the loading
conditions expected in slender flexural walls subjected to earthqueke exci-
tations. MNeed for improvements in predicting the mechanical behavior of wall
systems has led to the initiation of the investigation partially described
herein.

Objectives and Scope, - The ultimate objective of this investigation is to
develop practical methods for the aseismic design of combined frame-wall
structural systems. To achieve this obje¢tive, integrated analytical and
experimental studies ere being conducted. In this paper emphasis is placed
on the discussion of experimental studies. The main objective of these stud-
ies is to obtain reliable data regarding the linear and nonlineasr {particu-
larly hysteretic) behavior of such wall systems. Only theose analytical re-
sults needed for pleaning the design of the testing facility and specimen
loading programs, and for Judging the possible aseismic design implications

of the behavior observed in the experiments will be briefly discussed.

Iprofessor of Civil Engineering, University of California, Berkeley, Calif.

IlResearch Assistant, University of California, Berkeley, Calif.
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SELECTION OF TYPE, DESIGN AND CONSTRUCTION OF TESTING FACITITY

To investigate in detail the mechanical behavior of frame-waell systems,
it was decided to develop & loading facility capable of simulating esrthgquake
effects rather than to use the existing shaking table. For economic reasons,
it was decided to test significant subassemblages of the structural system
rather than large-scale models of entire buildings. Predicting the in-plane
seismic behavior of frame-wall systems requires information on the variation
of the lateral shear-displacement relaticnship for each story (Fig. 1). To
similate the actual boundary conditions of a particular story, subassemblages
of at least two or three stories have to be tested (Fig. 1).

Two buildings, ten (Fig. 1)- and 20-stories, 61 £+ x 180 ft each, were
designed according to present UBC provisions. From analyses of the response
of these bulldings to different ground moticns, it was possible to estimate
the relative intensity of the forces acting on the bottom three-story sub-
assemblages. The results led to the design of a facility capable of testing
1/3~scale models of this type of subassemblage. The principal feature of
this facility is its ability to simulate pseudo-statically the dynamic load-
ing conditions which could be induced in subassemblages of buildings during
earthquake ground shaking (Fig. 2). Assuming that the wall alone resists
most of the lateral inertial forces, it would not only be necessary to apply
lateral forces, but also, forces which would simulate the effect of over-
turning moments and gravity loads existing sbove the top floor of the sub-
assemblages [Fig. 2(c)]. Therefore, to simulate the actual inelastic behavior
of this subassemblage when it forms part of the whole wall, the synchronized
shear, overturning, and axial forces must be applied simultaneously.

The walls are tested in e horizontal position (Fig. 3). The testing
facility consists of a set of reaction blocks, lecading devices, ancillary
devices, instrumentation and data acquisition systems. Specimens from
1/2- to 1/U-scale of two- to four-story rrototype subassemblages can be
tested in this facility.

FABRICATION AND MATERIAL MECHANICAL CHARACTERISTICS OF TEST SFECIMENS

A series of tests have been conducted on four 1/3-scale wall component
models of the bottom three stories of the ten-story frame-wall system shown
in Fig. 1. The four specimens consisted of a b-in. thick wall framed by
two 10~-in. sq. columns and a poertion of 3-in. thick floor slabs {Fig. bL).
The only difference between the four specimens was in the way that the con-
crete of the edge members was confined. While spirals were used in speci-
mens 1 and 2 {series 1), Fig. k{a), square ties were used in specimens 3
and I (series 2), Fig. 4(c). To simulate the construction work in the field,
the specimens were cast story by story in their vertical position. The two
specimens of each series were cast simultaneously to minimize veriation in
the mechanical characteristics of the concrete. The materisl mechaniecal
characteristics are summarized in Table 1 which shows that the actual con-
crete compressive strength and yielding strengths of the relnforclng bars
were considerabdly higher than those specified.

LOADING CONDITIONS AND TESTING PROCEDURE
Ioading Conditions. - Rather than simulate the eritical load combinstions of

gravity (dead and live) and seismic loads as specified by the 1973 UBC, it
was decided to investigate the behavior of these code designed walls under
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the most eritical load combination which could be developed in the case of

an extreme earthquake ground shaking. Table 2 illustrates the differences

in some of the loading conditions that were derived for the wall model of

the prototype of Fig. 1 using different methods for eveluating the seismic
forces. The considerable discrepancies between the resulting shear span
values point out not only the difficulties in selecting the critical com-
bination of inertial forces, but also, the need for carefully interpreting
results obtained in experimental investigetions in terms of the zctual seis-
mie behavior of structures. Specimens were tested under the load combination
corresponding to the last case presented in Table 2.

Testing Procedure. - The two axisl forces necessary for simulating the effects
of gravity forces were applied first and were the same for the four specimens.
The effects of seismic forces were introduced following a different loading
pattern in each of the specimens tested. The four specimens were first sub-
Jected to cycles of full seismic forece reversals in the working load range.

In walls 1 and 3, the lateral force and change in column axial forces needed
to reproduce the corresponding change in overturning moment were supposed to
increase monotonically until a reduction in the lateral resistance could be
observed. In the test of wall 1, however, a cycle with significant inelastice
displacement reversal was introduced long before the drop in lateral re-
sistance (Fig. 5). Walls 2 and 4 were subjected to a2 history of lateral
shear and corresponding overturning moment that induced gradually increasing
cycles of full reversal lateral displacement with at least three cycles at
each displacement amplitude (Fig. 6).

TEST RESULTS AND THEIR EVALUATION

Overall Response. - Figures 5 and 6 are composite graphs illustrating the
overall responses for the four specimens tested. These. graphs facilitate
evaluticn of the two main variables of the tests reported herein, i.e. the
effect of (1) ecyeling with reversal deformations versus monotonically in-
cressing loads; end (2) different ways of confining concrete of edge members.

Cycling with Digplacement Reversals vs. Monotonic Loading. - The curves
obtained under monotonically increased loading for walis 1 and 3 provide
approximate envelopes for the hysteretic behavior obtained for walls 2 and L,
respectively (Figs. 5 and 6). Before any significant reduction in strength
was observed, wall 3 deformed up to nearly 7 in., giving a displacement duc-
tility, ug = é/éy, of about 10. However, when the load was reversed, the
wall buckled under a lateral load of only 80 kips. With wall 1 (which was
subjected to only one significant cycle of reversal of inelastiec deformas-
tion), the maximum ug was 6.1, i.e. a reduction of about 40%; end with walls
2 and b, the maximum ug was 4.2, i.e. a reduction of nearly 60%. It can
therefore be concluded that while repeated reversals of lateral loads did
not affeet the strength of the waell, they did reduce the ductility by as
much as 60%. It should be noted, however, that the maximum cyelic ductility,
U§ope» fOr walls 2 and L (£ 7.5) was only 25% less than the Hg of wall 3,
Ana{ysis of the hysteretic loops for walls 2 and L {Fig. 6) indicates that
each time the absolute value of peak déformation was increased, there was
a degradation in the initial stiffness snd energy dissipated during the
following cycle. Although there was a loss in strength with repetition of
cycles at same tip deflection, this was noticesble only after the first cy-
cle and it stabilized at the third cycle except when the tip deflection
resched z value of 2.8 in. (where crushing of the wall panel was observed).
At this displacement, no stabilization of the hysteretic loop was obtained.




Different Ways of Confining Ccolumn Concrete. - From comparisor of the
curves for walls 2 and b (Fig. 6) it can be concluded that the hysteretic
behavior of these two walls were very similar except for the following dif-
ferences: (1) for the same tip deflection the resistance of wall 2 was greater
than that of wall 4; and (2) there was slightly less stiffness degradation
and pinching in the curves of wall 4, These two observed differences are
interrelated and consistent because the larger the shear developed in a cycle,
the larger the stiffness degradation and pinching during the next cycle. How-
ever, these differences are not a consequence of the differences in the con-
crete confinement of columns. The reason for the smeller resistance of wall
b is the lower strength at yielding and in the strain-herdening range of the
#6 bars used in the columns when compered with those of wall 2 (see Table 1}.
Thus, it can be concluded that the closely spaced square ties were as effec-
tive as the spirals. The only noticeable difference was obgserved in the
pattern of failure of the columns after the wall panel failed: <the columns
of wall L were bent (kinked) into & double curvature along s length smaller
than that of wall 2, with more pronounced buckling of its main reinforcement
and crushing and spalling of its confined concrete in this region.

Contribution of Different Sources of Deformation: The enalysis of data re-
corded permitted study of the contributions of: (1) flexural deformation;
(2) shear deformations at each story; {3) slippasge along the constructicn
Joints; and (4) fixed-end rotation due to slippage of the reinforcement along
its embedment length at the foundation. As illustrated in Fig. T, for the
walls subjected to cyclie loading, the first two sources of deformation were
the most significant. Up to first yielding, the shear deformetion at each
story was similar, the first story deformation being somewhat higher because
of the greater amount of cracking. After ylelding, most of the shear defor-
mation was concentrated in the first story. Furthermore, at & total tip
displacement of 1.t in., there was already a considerable increase in shear
deformation of the first story upon repetition of cycles having the same peek
displacement (compare Figs. 6 and 8). At a tip displacement of 2.8 in., the
shear deformation was concentrated in the lower part of the first story vhere
the concrete crushed and spalled along a horizontal band (Fig. 9). As & con-
sequence of this type of wall panel fsilure, the columns began deflecting in
a double curvature chape, leading to the failure mechanism shown in Fig. 9.

ASFISMIC DESIGN IMPLICATIONS OF EXPERIMENTAL RESULTS

Despite the limited amount of specimens tested, anzlysis of the data
cbtained enables the following observations to be formulated. These obser-
vations, however, should be evaluated as tentative and subject to modification
as more data become aveilable: (1) It is possible to design structural wall
compeonents capable of developing large ductilities even when subjected to
full deformational rewversals inducing nominal unit shear stresses up to
10/E7. Although the 1g under monotonic loading reeched a value of 10, this
1arge ug should not be used for design since its development can lead to
instability of the wall under loading reversal. (2) Although the ug was
reduced significantly due to full reversals, from 10 to sbout 4, it should
be noted that this reduced Hg corresponded to a ug of T and that it can
be considered large enough to permit the developmen% of energy absorption
and energy dissipation capacities exceeding even those that would be demanded
in the case of very severe earthquake shaking. PFurthermore, at this reduced
s the confined core of the columns remalned sound and capable of resisting
both the effects of axial forces imposed by gravity loads and by lateral
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loads in the working load range, {3) Present code specifications for design
forces, load factors, and design and detsiling of critical regions can lead

to a wall design which considerebly underestimstes the amount of shear that
can actually develop, The design of flexural walls against shear should be
based on the maximum sheer that can be developed according to the flexural
capacity of the critical region, and on the largest possible shesr/bending
moment ratio (Vp/Mp) according to the expected dynamic response of the entire
building to severe ground motions of different dynamic characteristies. After
the tests, several nonlinear dynemic enalyses assuming an infinitely ductile
model of the prototype were carried cut according to the experimentally ob-
tained stiffnesses and strengths of the walls. The results obtained reveal
thaet the shear force in the first two storles of the wall exceeded its shear
capecity before the base moment reached the moment capascity of the wall, and
that the critical ratio, Vp/Mp, was about 1.46 times the larger value obtained
in the elastic analyses. Thus, the shear and overturning moment ratio used

in the experiments was unconservative.
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SIPLIFIED LOADENG ONDETIONS SHER
Walls 1&2 Walls 3&4 DESTON WETHOOS OF mm‘“uss&mm MOOEL SPAR
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INFILLED FRAMES IN ASEISMIC CONSTRUCTION

) ‘by

Richard E. KlingnerI and Vitelmo V. BerteroII

SYNOPSIS

Results obtained in the experimental phase of an investigation of the
effects of engineered masonry infill panels on the seismic hysteretic be-
havior of R/C frames are presented and evaluated. This experimental phase
consists of quasi-static cyclic load tests on a series of 1/3~scale model
subassemblages of the lower three stories of an 1l-story, 3-bay frame with
infills in the two outer beys. Emphasis is placed on simulation of the
proper force and displacement boundary conditions, and on the reinforcing
details required to attain ductile frame action. The engineered infilled
frames offered several advantages over ccmparable bare frames, particularly
with respect to their performance under strong ground motions.

INTRODUCTION

Analyses of building damage from strong earthquakes reveal many in-
stances in which the presence of masonry infills has adversely affected the
seismic resistance of R/C multistory structures. Some of these effects may
be explained in the light of previous research. Experimental investigs-
tors(1.2) nave concluded that in the elastic range, infill panels act essen-
tially as equivalent diagonal compression struts, stiffening the bounding
frame. In the inelastic range, distributed infill cracking produces con-
siderable energy dissipation through friction. 3 Several investigations
have shown that the usual failure mode of a bare frame may be significantly
affected by the presence of infilling. ZFarly studies by Benjamin and Wil-
liams have indicsted that after the onset of panel cracking, the ultimate
lateral resistance of the infilled frame depends on the resistance of the
columns to flexure, compression, and the shear induced by the action of the
equivalent compression strut. Fiorato et al. 5) found that after panel crack-
ing, a five-?g?ry, gingle-bay infilled frame model behaved as a knee~braced
frame. Kahn has recently observed that the action of the infill on the
bounding frame increased the tendency for the frame members to fail in shear.

OBJECTIVES AWD SCOPE. - After a comprehensive review of the literature,(T)
integrated experimental and analytical studies were planned to investigate
the hysteretic behavior of specially designed infilled frames under actions
similar to those expected under severe earthquake ground motions. The study
reported herein is concerned only with the results obtained in a first series
of tests of frame models under quasi-static loads simulating the principal
effects of severe seismic excitations. A bare frame was first tested to
obtain its mechanical behavior; all other tests were carried out on infilled
frames. The frames and infill panels were designed according to the follow-
ing guidelines: (1) to maximize energy dissipation through distributed
infill ecracking, closely-spaced horizontal and vertical reinforcement was
adopted; and {2) to minimize the possibility of brittle frame failure which
eould result from panel failure, the frames were specially reinforced agsinst
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shear, and the thickness of the infill was based on the column shear
resistance,

DESCRIPTION OF TEST SPECIMENS

PROTOTYPE SUBASSEMBLAGE. - An eleven-story apartment building having plan
dimensions of 18.3 m by 61.0 m was selected as the prototype. Each story
had a height of 2,74 m. The structural system consisted of R/C moment-
resisting space frames supporting a2 two-way slab floor system. Other de-
tails may be found in Ref. &. Although the preliminary design of 2 trans-
verse frame {Fig. 1)} was carried out using the seismic design provisions of
the 1570 UBC and the 1971 ACI Code, the final proporticning and detailing of
the frame members to resist strong ?aﬁthquakes were done using Newmark's
standard inelastic response spectra 9) and accepted principles of inelastic
analysis and limit state design for high rotational duetility. To increase
the lateral stiffness of the frame, it was decided to infill the two outer
bays with 15-cm thick panels. In accordance with the capacity of the avail-
able testing facility, it was decided to test models of the lower three
stories of this transverse end frame. Geometric and structural symmetry
about the frame centerline suggested a realistic simulation of aectual bound-
ary conditions using a model of a prototype subassemblage 1-1/2 bays wide
and 3-1/2 stories high (Figs. 1 and 2). Tt is believed that the lack of
symmetry in the inelastic range due to the elfect of axial forces in the
infilled frames, and the effect of gravity forces in the coupling girders,
are of gecondary importance.

MODEL SUBASSEMBLAGES. - The prototype subassemblage was modeled to 1/3-scale,
To facilitate loading end instrumentation, the models were tested in a hori-
zontal position. As shown in Fig. 2, the loads and/or deformations to the
specimens were applied by hydrsulic actuators which form part of a servo-
hydraulic system specially designed for this type of test. 10) This system
permits any selected ratio to be maintained between the axial forces (simu-
lating the effect of gravity leoads and overturning moment), and the lateral
force. The model was extensively instrumented; while all the transducer
output was read at discrete intervals using a low-speed scanner, some data
were monitored continuously.

The results presented herein correspond to tests carried cut on the
following models: (1) a bare frame {test #1); (2) this same freme, infilled
with clay blocks after test #1; (3) a virgin frame, infilled with elay
blocks; and (%) a virgin freme, infilled with concrete blocks. TFach frame
model was cast in the horizontal position using a single pour. All frames
were identicel. The sizes and detailing of the main members of the frame
(Fig. 2) are given in Fig. 3. The main reinforcement for these members con-
sisted of steel bars conforming to ASTM Designabion A-615-68 Crade 60
(422,000 KPa). The strength of the concrete was about 27,000 KPa. After
casting, the frames were rotated to a vertical position end infilled with
hollow-core blocks, and were grouted cne story at a time by the "high-1ift"
technique. Infills were approximately 5 em thick, reinforced horizontally
and vertically every 10 cm by deformed #2 bars (fy = 422,000 KPa) spliced
to dowels anchored in the frame members. Prism tests showed the compressive
strength of both types of infill to be about 24,700 KPa.

TEST RESULTS

BARE FRAME TEST, - After the application of simulated gravity loads using
the axial jacks (Fig. 2), this frame was subjected to the first few cycles
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of the history of lateral loed {and the associated overturning moment) shown
in Fig. 4. Pigure 6 shows the resulting tip displacement as s function of
the lateral load. Failure occurred through the formation of a sidesway
mechanism, at a maximum lateral load which agreed very well with that pre-
dicted by 2 collapse analysis using individual member resistances and =a
failure mechanism consistent with the observed damage. The seismic resist-
ance of the bare frame was significantly affected by its lateral flexibility
and consequent susceptibility to P-4 effects.

INFILLED FRAME TESTS. - The loading program and lateral load-deflection
curves for the three infilled models are shown in Figs. 4, 5, 7, 8 and 9.
The general Tailure sequence was similar for all three frames: initial
cracking patterns in each panel were consistent with the principal tensile
stress orientations predicted by deep beam theory. After the formatiom of
cracks along the boundary between the frame and infills, the asseumblage
behaved essentially as & frame braced by equivalent diagonal compression
struts. Spalling occurred at those frame regions subjected to eritical com-
binations of axial load, moment, and infill-induced shear. Reduced frame
member stiffness at these regions resulted in inereasing local inelastic
deformations. Eventually, the number of such reglons increased sufficiently
to produce & sideswsy mechanism (shown schemstically in Figs. T-9), whose
lateral resistance was controlled by the strength of these inelastic regions
as well as the residual infill resistance. Repeated cycles of reversals
produced an increased amount of pinching in the load deflection curve,
characteristics of shear-degrading structures, and the strength of the sub-
assemblages esymptotically approached that of the corresponding bare frame
mechanism. As mey be seen from Figs. T-9, although all three infilled frame
models exhibited a decrease in strength following the initial drop in panel
resistance, this decrease was gradual. All models exhibited excellent energy
dissipation characteristics, even at tip deflections greater than +10 cm.,
corresponding to average story drifts in excess of 0.03. As an index of

the efficiency of these different systems against s major earthquake, Fig.
10 shows, for each specimen tested, the energy dissipated per complete
cycle., When thé results presented in Fig. 10 as well as those of Figs. 6-9
are compared, it is clear that with respect both to the stiffness at service
levels and to the maximum energy absorption and dissipation capacity, tre-
mendous gains were effected by infilling the frames. In all cases, it was
possible to achieve distributed infill cracking and high energy dissipation
and to minimize brittle shear failure,

CONCLUSIONS

Infilled frames designed and constructed in accordance with the guide-
lines mentioned in the introduction have several adventages over comparable
bare frames, particularly if they may be subjected to severe ground motions:

(1) Owing to the increased stiffness (500%) and strength {(from 60 kN
to 280 kN) provided by infills, behavior is greatly improved under service
leoads, moderate ground shaking, and even under the largest expected over-
load of standard live lcads. The increase in strength and energy absorp-
tion and dissipation capacities achieved by the addition of engineered
infills is so large that 1t far exceeds the detrimentel effects of possible
increases in inertisl forces due to increased stiffness. Architectural
damage due to interstory drifts is reduced.

(2} For severe ground motions demanding elastic base shears in excess
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of that corregponding to the bare frame collapse load, the stiffness pro-
vided by infills significantly reduces the inFluence of P-A effects on seis-
mic respense. TLocal panel failures occurred at tip deflections of at least
1.3 cm (average story drifts of 0.004). Prior to this, infilled frame
demage was restricted to cracks less than 1.6 mm in width.

{(3) For extreme ground motions demanding everage story drifts in ex-
cess of (.02, the engineered infilled frame is superior to the bare frame
with respect to energy dissipation and resistance to incremental coliapse. A
bare frame dissipates energy primarily through large inelastic rotations at
hinge regions near beam-column connections. Strain-hardening at these re-
gions often results in anchorage deterioraticn at beam-column connections.
The consequent loss of comnection stiffness increasses the danger of incre-
mental collapse of the bare frame. However, in the engineered infilled frame,
the panels digsipate very large amounts of energy through hysteretic behavior
(gradual degradation of their high initial stiffness and strength). Because
of this, the danger of incremental collapse is reduced., Gradual panel degra-
dation is achieved by closely-spaced infill reinforcement, and by frame de-
tails providing high rotational duectility and cyelic shear resistance.
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ON SEISMIC DESIGN OF R/C INTERIOR JOINTS OF FRAMES

I and G. LantaffII

by E.P. PopovI, V. V. BerteroI, B. Galunic
SYNCPSIS

Two alternative designs for beam reinforcement at the interior joints
of moment-resisting reinforced concrete frames are discussed. The proposed
details, verified by experiments, avoid the danger of bond degradation of
the main beam bars within the column, .

INTRCDUCTION

A raticnal design of R/C frames for successfully resisting seismic load-
ings is one of the more important problems in earthguake engineering. Such
frames are widely used either as the prinecipal structural system or in con-
Junetion with infill or structural walls. To assess the behavior cof such
R/C frames, a good deal of experimental work was done on individual beams
snd columns. The behavior of these elements was studied under cyclic lead-
ings simulating seismic disturbances. The separate study of these members,
however, is not sufficient to determine the behavior of whole frames, as a
very complex action develops in the joints. Improperly designed joints may
change dramatically the behavior of the whole frame. Therefore, in addition
to studying the beams and columns as separate entities, these elements must
also be studied interconnected, forming typical frame subassemblages.

At Berkeley,'a series of half-scale subassemblages of a tall R/C build-
‘ing was tested according to a procedure described later in this paper, and
after some damage and repair, was re-tested [l]. The model simulated the
basic subassemblage of a third floor level of a 20-gtory office building.
The overall dimensions of the specimens were kept constant while changing
the amount and type of reinforcement details in the jaints and beams. The
test arrangement was such that a P8 effeet could be induced. The specimen
design was hased on the concept of strong columns-weak beams, i.e., the
inelastic action was to take place primarily in the beams.

In a previous test on specimen BC3, the beams were designed with four
#6 bars on the top and three #5 bars or 50 percent of negative steel on the
bottom. Since the bars were continuocus, the beam plastic hinges formed at
both faces of the column. The maximum shearing stresses in the beams were on
the order of BVTE (psi). This resulted in failures of the beams in the
flexural mode[2,3], The expected degradation of beam stiffness and strength
during reversals of lerge shesr did not occur, although the subassemblage
showed severe degradation due to the bond failure of the main beam bars with-
in the ¢olumn., To remedy this objectionable condition in the Joint, two al~
ternative designs were made and tested, and the results are presented in this
paper.

DESIGN OF NEW SPECIMENS

Both of the new specimens are so designed as to force the formation of
plastic hinges away from the column faces. It is believed that by this
scheme, the bond failure of the main beam bars within the column will
be delayed or prevented. This should result in a superior ductile behavior
of the whole subassemblage. The details of the specimens are shown in Fig., 1.
For both specimens, the reinforcement of the beams at the face of the column
consists of four #6 bars on the top and bottom. Thus, unlike the previous
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specimens, 100 percent of the negative steel is placed on the bottom of the
beans. The plastic hinge was designed using two different schemes. In one
specimen, BCS5, the two top interior main bars were bent downward, and the two
corresponding bottom bars were bent upward intersecting 16 in. away from the
face of the column as shown in Fig. 1. The bars were inclined 60° from the
horizontal. After additional bending, the bars extended to the end of the
beam. All corner bars are both straight and continucus. In the second speci-
men, BC6, half of the main bars on the top and bottom of the beams were cut
off at 2b in. away from the face of the column. The location of the plastic
hinge 1s determined by the requirement that the steel at the column face be~
gins to yield Just shortly before the critical section reaches ultimate con-
dition, where the bars are at their ultimate strength. The plastie hinge in
BCS waz closer to the column because the large amount of dlagonal steel at
that secticn gave a substantial increase to the moment capacity of the sec-
tion. TIn BC6 the bars were cubt off at & point just slightly beyond where
analysis indicated the plastic hinge would occur, because it was anticipated
that the plastic hinge would gradually move toward the column. In hoth speci-
mens, the beams were reinforced against shear with #2 double stirrups placed
3«1/2 in. apart except in the plastic hinge region where a more conservative
stirrup spacing of 4.5 times the bar diameter (or 2 in.) was used to avoid
any buckling of the main reinforcement. The columns were reinforced with
twelve #6 bars and #2 bar triple ties at 1.6 in. on center. In the column
joint the ties were spaced at 2 in. on center. Grade 60 steel was used for
all reinforcement.

CASTING PROCEDURE

The specimens were cast in a vertical position in the course of the same
day, in three separate 1lifts with a stopover after each to allow for the
shrinksge of the concrete. The lower section of the columm was cast first,
up to the bottom of the beams. Later, the beams were cast and, finally, the
top part of the column was cast to complete the process. DBecause of an er-
ror in the mixing process, the concrete for specimen BCS5 was not of uniform
quality. The design called for a 28-day concrete strength of 4000 psi, but
the actual strength obtained in the beams was only 2100 psi. However, since
the tests were conducted primarily to study the behavior of the subassemb-
lages after the steel has yielded, the steel had a greater influence on the
specimen's performance in the inelastic range than the concrete, and the over-
all results were not strongly affected. The concrete strength in specimen BCE
was uniform throughout. The material properties are listed in the table be-
low. After the specimens were cured and the forms removed, metal hinge as-
gemblies were attached at all four ends of the specimens. These were made of
steel for the column and of aluminum for the beams. The aluminum hinge assem-
blies were designed to act as transducers for measuring the reaction forces
acting on the beams during the experiments.

Subassemblage Material Properties

CONCRETE REINFORCING STEEL
SPECIMEN {ULTIMATE STRENCTH BAR |YIELD STRENGTH | ULTIMATE STRENGTH
ksi MPa SAWAY ksi MPa, ksi MPa
BCS 2.1 1L #2 1 65.0 LL§ 106 731
BCH ) 27.5 #6 | 6h.0 4L 106 731

EXPERIMENTAL SET-UP AND TESTING PROCEDURE
The specimens were tested in & large steel testing frame. The top hinge

of the column was connected to a pin Fixed to the frame and prevented from
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translation. The hinges in the beams were restrained from vertical transla-
tion but were free to displace horizontally. The lateral load was applied at
the bottom hinge of the column by means of a double acting hydraulic cylinder
which moved the hinge back and forth. Also, a large axial load was applied
to the bottom hinge by means of a hydraulic jack which was supported by a
movable cert. The axial load of LTO kips represents the dead and live loads
acting on the specimen and it was kept constant in these experiments., The
loads applied and the beam reactions are shown schematically in Fig. 3. As
can be seen from the figure, the reactions in the beams are caused not only
by the applied horizontal force, but also, by an extra PS moment caused by
the vertical force, P, The additional bheam reaction at each end caused by
the vertical loads is equal tc P8/(L), where P is the total vertical load,

§ is the bottom hinge displacement measured from the top of the column, and
L is the distance between the two beam hinge supports. In the lower stories
of a structure where the axial load is large, the-P§ effects are very sig-
nificant for large story displacements.

The applied displacement program is shown in Fig. 2. The specimens were
first subjected to a few loading reversals in the working stress range.
After the first yield, the specimens were subjected to inereasing displace-
ments in a stepwise manner. Two cycles were made at each particular dis-
placement. The cyclic loading applied to BC5 and BC6 was very similar to
that of the previously tested BC3.

Extensive instrumentation was used to record the specimens' behavior.
Strain gages were placed at various locations on the main beam reinforcement
to study the variation of strain and to check for yielding. Clip gages were
used on the top and bottom of the beams to measure curvature. Shear distor-
tion was measured by a set of c¢lip gages diagonally placed at two adjoining
locations near the plastic hinge cn each beam. Measurement of beam reactions
was made by the aluminum transducers in the hinges. Photogrammetric measure-
ments were made of the beams to study the deformation pattern.

EXPERIMENTAL RESULTS

In representing the overall performance of the members, the Heq vs. &
graphs were used ingtead of the H vs. §, because they give a better measure
of the main beam's strength. A comparison of the Hpq vs. H curves was made
for a previously tested specimen and is shown in Fig. 4, The H value is seen
to decrease after L.P. 17 with increasing displacement. However, because of
the P8 effect, the equivalent horizontal force, Hags actually increases, in-
dicating that the beam gains strength after first yield. Similar behavior
was evidenced in specimens BCS and BC6 (Figs. 5 and 8).

Excellent results were obtained from specimen BCS in terms of overall
member performance as well as of solving the problem of anchorage loss.
Slippage of the bars through the column was completely eliminated and smooth
stable hysteretic curves were recorded throughout the duration of the experi-
ment. The steel at the face of the celumn yielded at a ductility ratic of
approximately 4.5, which represents a ratio of meximum displacement to dis-
placement at yield. Large plastic rotations in the plastiec hinge of .058 rad.
(.110 rad. for a complete cycle) were observed during the last few cycles of
the test. The large increase in strength of the specimen after yielding is
caused by the strain-hardening of the continuous bars and by the increasing
effectiveness of the inclined bars due to the large strains in that region.
From Pig. 5, it can be seen that strength inecreases to a maximum with
increasing displacement and then begins to decrease. The lateral resistance
and stiffness decrease with repetition of a reversal cycle with same peak
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displacement. ©Shear distortions were very small due to the excellent rein-
forcement provided by the inelined bars. The deformation characteristics of
the beam in the area of the plastic hinge is shown in Fig. 6.

Slippage of the bars throusgh the column was also eliminated in BC6; how-
ever, there was a large amount of shesr deformation at the plastic hinge.
This plastic hinge formed as expected at the cutoff point of the main interior
bars, but progressively moved toward the face of the column as the bond at the
end of the cutoff bhars deteriorated and the moment capacity of the severely
cracked section decreased. The bars at the face of the column did not yield,
although during the last several cycles the strains were very large. Under
repeated application of displacement reversal in the inelastic raunge, the
flexural-diagonal cracks at the top and bottom of the critical region of the
beam increased in width and propagated until they crossed. At this stage, re-
sistance to shear deformation decreased significantly because the only effec-
tive mechanisims of shear resistance that remsined were the aggregste inter-
Jocking and friction along the crack faces and the dowel action of the main
steel bars. All of these sources of resistance degrade with increasing severity
of reversals, During shear reversal, at small shear force there is a small
amount of slippage between the two adjacent sides of the main crack, which
causes a drop in the overall stiffness. This shear distortion at the critical
region reached 3/4 in. at the last cycle of the test. The deformation pattern
at the plastic hinge was obtained by a photogrammetric technique and is shown
in Fig. T.

CONCLUSION

Both specimens were successful in avoiding the problem of bond loss by
the main beam bars in the column core. However, to permit the development
of large plastic rotations, special shear reinforcement should be provided
to prevent an early shear failure. The crossing steel of BC5 offered ex-
cellent resistance to shear. In BCA only vertical stirrups were used for
shear reinforcement. Such vertical stirrups ere very effective when the
cracks in the concrete form at approximately 45°. But, after several cycles
intc the inelastic range, the plastic hinge of BCE had many vertical eracks
for which vertical stirrups were ineffective. Therefore, with litile effective
shear reinforcement, large amounts of shear deformation developed in the plas-
tic hinge region. Diagonel shear reinforcement should be used to prevent this
type of failure. :

When the plastic hinge is forced to form away from the column face,
larger amounts of rotation are required in the plastic hinge for the same
story drift. Because of these large rotational demands, it is very impor-
tant that the steel and its detailing be carefully selected so as to develop
large strains.
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General Experimental Set-up

Specimen BC6 after last loed cycle. Note
the large shear slippage in the plastic
hinge regions.
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SEISMIC DESIGN AND ANALYSIS PROVISIONS
FOR THE UNITED STATES

by
I II . 111
Nathan M, Newmark™, Henry J. Degenkolb™ , Anil K. Chopra ,

Anestis S. Veletsis'', Emilio Rosenblueth’, and Roland L. Sharpe’l

SYNOPSIS

The seismic design and analysis requirements presently used in U,S.
building codes were largely developed in the Recommended Lateral Force
Requirements and Commentary published by the Seismology Committee of the
Structural Engineers Association of California in 1959-1960. Since that
time, improvements and modifications have been made at frequent intervals.
Several years ago it became apparent that a comprehensive review should
be made of the provisions, the latest state of knowledge should be
evaluated, and a coordinated set of provisionsshould be developed. This
paper describes the basic concepts and summarizes some of the details of
the structural design provisions of a new code developed by the Applied
Technology Council,

INTRODUCTION

A cooperative program to develop new provisions was initlated in
the Fall of 1974 by the Applied Technology Council (ATC) under a contract
with the National Bureau of Standards (NBS) funded by the National Science
Foundation (NSF) - RANN program and NBS, The performance of buildings
during recent earthquakes was evaluated and weaknesses in present code
provisions were studied,

The new provisions represent the efforts of 85 participants in 14
Technical Committees organized into 5 Task Groups. This paper is con-
cerned primarily with the effort of Task Group II, on Structural Analysis
and Design, although it draws in part on the work deone by other Task
Groups. Professor Newmark is Chairman of Task Group I1 and also Chairman
of the Task Group Coordinating Committee, Mr, Degenkolb and Professors

I. Professor Nathan M, Newmark, Department of Civil Engineering,
University of Illinois, Urbana, IL 61801,

II. Henry J. Degenkolb, President, H. J. Degenkoib & Associates,
350 Sansome Street, San Francisco, CA 9410k,

11T, Professor Anil K, Chopra, Department of Civil Engineering,
University of California, Berkeley, CA 94720,

IV. Professor Anestis 5. Veletsos, Department of Civil Engineering,
Rice University, Houston, TX 77001,

V. Professor Emilio Rosenblueth, Institute of Engineering, University
of Mexico, Mexico 20, D.F., Mexico.

VI. Roland L. Sharpe, Project Director, Applied Technology Council,
480 California Avenue, Suite 301, Palo Alto, CA 94306.
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Chopra and Veletsos are Chairmen of the 3 Technical Committees in Task
Group II, Professor Rosenblueth is a major contributor to the work of the
Group, and Mr. Sharpe is Project Director of the program for the ATC,

A working draft of the new provisions was distributed in February 1975
to some 500 reviewers in practice, industry, professional organizations,
government agencies, and universities. Upon completion of a review by the
Technical Committees of the comments received, another draft for limited
review will be completed this fall, and the final report will be issued in
the late spring of 1977,

It is intended that the final recommendations will be of such a form
that they can be adopted by jurisdictions through the United States,

BASIC CONCEPTS

The new ATC design recommendations are intended to be logically
based, with explicit consideration given to factors that are generally
implicit in previous codes and design provisions. The earthquake hazard
is defined in the code by a map with contours iIndicating the "Effective
Peak Acceleration'' (EPA) in various regions of the United States.
Interpolation between contours is permitted. These values range from
0.05 g to 0.4 g, with these extremes being the lowest and the highest
values considered in any region of the country. In some regions, con-
sideration is given to the longer durations of somewhat less intense
motions by using a map showing Effective Peak Velocity (EPV). Rules
are prescribed for determining the design spectrum corresponding to any
given levels of EPA and EPV. These are discussed more completely in a
companion paper by Whitman et al.

Buildings are classified from the point of view of design by hazard
exposure factors and building design categories. When these are selected,
the procedure that follows depends on the design spectrum. This design
spectrum {5 used both for simplified analyses through the use of an
equivalent lateral force factor or with a moda!l analysis., The design
spectrum is modified by a soil factor which is a function of the type of
soil conditions, considered in three categories, as firm soil or rock
sites, deep soil sites, and soft soil sites. The response spectrum is
also modified by a spectral reduction factor, R, which is used to divide
the basic spectrum to obtain the desjgn spectrum appropriate for the
particular category of structural framing and materials.

The spectral reduction factor is a function of the ductility factor
appropriate to the particular structural type, materials, framing, and
category, and any variation in damping consistent with those parameters,
if the damping differs from the standard level of 5% of critical damping.
The factor also includes an experience or judgment factor to teke account
of the inherently better capabilities and performance in actual earth-
quakes of some types of structures and materials compared with others,
Tables are given in the recommendations for the selection of the
spectral reduction factor.

The base shear is determined in standard ways from the design spectrum
and the mass of the building, through the use of an appropriate fundamental
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period of vibration for the building. The latter can be determined from
relations given in the text for different building framings and types or
may be computed by fundamental methods of structural dynamics.

The distribution of seismic forces over the height of the builiding
for the purpose of computing shears and overturning moments, is based on
an extrapolation between a linear and a parabolic distribution of
accelerations over the height, by means of relations which prescribe a
linear distribution for periods less than 0.5 seconds, and a parabolic
distribution for periods greater than 3.5 seconds, with a linear interpo-
lation between those limits.

Overturning moments computed from the seismic force distributions may
be reduced under certain conditions, but generally not In the upper ten
stories of the building, and not by more than 20% in the building itself,
with an additional 10% reduction being permitted in determining the
foundation forces under the building,

Provisions are given in the code for calculation of drift, and for
torsional requirements. Recommendations for construction and design
details, in lieu of requiring detailed analyses, are stated for buildings
in areas with nominal seismicity.

A1l of the above factors are stated explicitly in the design pro-
visions, Of particular interest are the requirements for construction and
design details, varying in degree of rigor with the seismic zone or
acceleration level for the building and its seismic hazard exposure factor.
Also, as a function of these quantities, methods of analysis are specified,
including a constant coefficient method which may be used in only the
jeast hazardous seismic zones, for buildings of lowest hazard exposure
factors, an Equivalent Lateral Force method (ELF) for buildings in general
in all zones, and modal analysis which may be used and is recommended under
some conditions for the most highly seismic zones for buildings with the
highest hazard exposure factors.

The design base shear is computed from the product of the design
spectral coefficient C_ multiplied by the effective weight of the building

W. The quantity Cs is given by the relationship:

¢ = 1.2 ac/RTS 3

In this relationship, the quantities are defined as follows:

A = Effective Peak Acceleration value based on the EPA
or EFY maps,
G = soil profile factor ranging from 1.0 for rock and stiff

s0il sites to 1.5 for soft soil sites.

R = response modification coefficient depending on type of
structural system, including vertical and horizontal
lateral force distribution systems.

T = measure of fundamental period of vibration based on
framing method and geometry of building.
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The value of CS need not exceed 2.5 A/R for rock or stiff soil sites
or deep soil sites nor 2.0 A/R for soft soil sites.

Finally, provisions are made for increased seismic forces when the
safety of the building is dependent on the survival of a single major
force resisting element; and similar provisions are made for increases in
seismic factors when large discontinuities in story strengths or stiffness
occur,

SOIL-STRUCTURE INTERACTION

Two different approaches ¢an be used to assess the effects of soil-
structure interaction on the seismic response of structures. The first
consists in modifying the stipulated free-field design ground motion
and evaluating the response of the structure to the modified base motion, -
whereas the second consists in modifying the dynamic properties of the
structure and evaluating the response of the modified structure to the
prescribed free-field ground motion., The design provisions used are
based on the second approach,

The interaction effects in this approach are expressed by (1) an
increase in the fundamental natural period of the structure; and (2) a
change (usually increase) in its effective damping. The increase in
period accounts for the compressibility of the foundational soil, whereas
the change in damping accounts primarily for the effects of the energy
dissipated in the supporting soil by radiation and hysteretic action,

For the assumptions made in the development of the recommended design
provisions for fixed-base structures, soil-structure interaction reduces
the design forces below those applicable to a fixed-base condition.
Accordingly, the structure may be designed conservatively without con-
sideration for interaction, Hence the use of the relations for soil-
structure interaction is optional with the designer. Because of the effect
of foundation rocking, however, the displacements of the floors relative
to the base may increase, and this would increase the requirements on
separation of buildings and the P-Delta effects.

Formulas are given in the recommended provisions for the reduction
in total lateral force or base shear for the structure, as a function of
the effective weight of the structure, and the seismic coefficients
applicable to the fundamental natural periods of vibration and the
effective damping factors of the structure (a) with a fixed base and
(b} with interaction with the soil. It is assumed that the soil-structure
interaction affects only the response component contributed by the
fundamental mode of vibration of the fixed base structure.

In defining the effective coefficient of damping, account is taken
of the damping in the structure and both material and radiation damping
in the foundation. The fundamental period of the structure and foundation
takes into account the translational and rotational stiffness of the
foundation material when forces are applied to a rigid slab on the
foundation. These stiffnesses are given in terms of the shear modulus of
the foundation, which is taken as a fraction ranging from about 0.4 to 0.8
times the shear modulus for very low foundation strains.
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COMMENTS ON PROCEDURES

Some of the departures from previcus procedures and codes are of
special interest. The design acceleration spectrum decreases with the
2/3rds power of the fundamental period, in contrast to the theoretical value
of decrease with the period on firm ground and with the period squared on
very deformable ground. The reasons for using the rate of decrease in the
ATC code are to provide uniformity and simplicity, and to take account of
the fact that for long periods the cost of the building is less sensitive
to seismic reliability in general and one can afford to design more
conservatively. Moreover, the longer the period the higher are the losses
likely to be caused by failure. It is desirable to be more conservative
for long periods because of the higher probable number of significant
degrees of freedom, and the likelihood that there may be a concentration
of ductility requirement over a small portion of the structure in a tall
building compared with a short building. Other reasons for the conserva-
tism in the requirement include the uncertainty in the computed periods
and the changes in the periods and mode shapes due to nonlinear behavior,

Accidental torsion is considered by use of an eccentricity of horizon-
tal seismic force corresponding to 5% of the width of the building in the
direction of the force considered. This provision is believed to be
adequately conservative although under Some extreme circumstances, occasion=
al values somewhat higher than 5 may be found.

The maximum overturning moment arises from combinations of modes that
are different from those corresponding to those that contribute to the
maximum shear in the lower levels of the building, and some reduction is
necessary in the seismic coefficients that are used for computing over-
turning moments from those used in computing maximum shear. The reduction
factor is limited, however, for conservatism.

When the shape of the fundamental mode of vibration is unusual, due
to ltarge discontinuities in mass and/or stiffness of adjacent stories,
criteria have been developed to identify these conditions and are used as
a basis for then specifying that modal analysis is mandatory. These
criteria involve making a static analysis plus one cycle of a Stodola-
Vianello deflection caiculation, and a comparison of the story shears in
the static analysis compared with those of the single cycle calculation.
If the difference is greater than some factor, say approximately 30%,
modal analysis is required.

For simplicity the spectral reduction factor R is kept constant over
the whole range of the frequencies of the design spectrum, rather than
to use two factors with the smaller one applicable only to the acceleration
sensitive region of the response spectrum.

Stresses and deformations due to earthquake motions in two directions
at right angles horizontally are considered by taking into account the
forces due to the motions in each direction plus 30% of the forces due to
the motions in the horizontal perpendicular direction. In addition, under
some circumstances, the effects of vertical motions are combined with those
for horizontal motions, Also, relationships are given for computing the
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increases in forces to account for the vertical dead load effects
produced by horizontal displacements, the so-called P-Delta effect,.

The specific numerical provisions of the new design recommendations
are still under study and may be modified slightly in value but not in
principle before .the final draft of the provisions is issued.
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EMERGENCY POST-EARTHQUAKE INSPECTION & EVALUATION OF DAMAGE IN BUILDINGS

Boris Bres]erI, Leslie GrahamII, & Roland SharpeIII

ABSTRACT

Recommended procedures are presented for emergency inspection and eval-
uation of post-earthquake damage to assess the extent of damage and to eval-
uate the relative safety for occupancy of buildings. Guidelines for recruit-
ing and training competent field personnel and procedures for carrying out
field operations safely and effectively are developed.

INTRODUCTION

This paper describes a portion of recommended naticnally applicable
seismic design provisions. These provisions have been produced by the Applied
Technology Council, associated with the Structural Engineers Association of
California, under contract with the National Bureau of Standards (NBS) with
funding by NBS and the National Science Foundation Research Applied to Na-
tional Needs Program, as part of the Cooperative Federal Program in Building
Practices for Disaster Mitigation initiated in 1972 under the leadership of
NBS. The preparation of the procedures is being carried out by a committee
composed of the authors plus Messrs. Thomas Atkinson and David Messinger.

The procedures described herein are intended to reduce the incidence of
death and injury to occupants of buildings which have been weakened or
placed in jeopardy by seismic activity or by aftershocks. A secondary pur-
pose is to assess damage to service systems which would render buildings
unusable and/or pose a health hazard to occupants and the community. Finally,
statistical assessments of damage are necessary to estimate the magnitude
of the disaster in terms of cost of damage, numbers and types of buildings
affected, and to provide data for government planning for aid to communities.

Advance planning is essential for effective inspection and evaluation
of post-earthquake damage in buildings. The most effective and efficient
means of organizing inspections is generally through established agencies
within the local jurisdiction. Accordingly, the agency regulating building
inspection and safety within the cognizant jurisdiction would be responsible
for conducting damage surveys. Recoghizing that such an agency would prob-
ably not be adequately staffed for the task, mutual aid from neighboring
communities would be required.

Even maximal aid from pubiic and governmental agencies may not be ade-
quate. Local jurisdictions should therefore develop plans to enlist the aid
of private sector engineers and others to assist in assessing and evaluating
damage to buildings. In an emergency these individuals must be contacted
and transported to emergency operation centers, and there must be stockpiles
of earthquake damage inspection forms and equipment and transport to the
damage areas.

I Professor of Livil Engineering, University of California, Berkeley, CA.
IT  Structural Engineer, Graham & Kellam, San Francisco, CA.
IIT Project Director, Applied Technology Council, Palo Alto, CA.
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The principal elements in planning for and carrying out effective emer-
gency inspection and evaluation of earthquake damage are: (1) organization,
training, and mobilization of inspection personnel, (2) inspection procedures,
(3) evaluation of structural and nonstructural damage, (4) evaluation of auxil-
iary systems, and (5) emergency control actions based on the damage evaluation.

The experience of the Building and Safety Department of the City of Los
Angeles, whose 250 building inspectors evaluated 27,160 structures in the
month following the 1971 San Fernando Earthquake, helps to define emergency
damage inspection procedures: (1) An operative communications system js essen-
tial; because telephones may not function after a major disaster, it is impera-
tive that an emergency communications system--probably radio--be available.

(2) The boundaries of heavily damaged areas must be quickly defined, and over-
all damage assessed, preferably by air reconnaissance. (3) Efficient forms
for compiling and evaluating statistical data must be devised. (4) Plans for
obtaining emergency aid from other jurisdictions must be developed, including
orientation for inspectors unfamiliar with the area.

INSPECTION PERSONNEL AND ORGANIZATION

The type of personnel needed for inspection teams will vary depending on
the classes of structures to be investigated. Structures in average neighbor-
hood shopping centers and surrounding areas could, for instance, be examined
by architects, building inspectors, and construction foremen, while larger
and more complex structures should be examined by experienced structural
engineers. Inspactions teams should be aided by specialists such as photo-
graphers, amateur radio gperators, and other communications specialists.
Recruitment of personnel could be through engineering and architectural
societies, technical associations, trade unions, and large engineering and
construction firms.

Enrollment in manpower pools should be on a regional basis so as to in-
ciude personnel from areas not affected by a disaster. Personnel lists
should be compiled on both a statewide as well as local basis, and be main-
tained at local mobilization points and at State Department of Emergency
Services headguarters. The 1ists should be updated at least every two years.

Enroliment forms should show special qualifications, age, physical endur-
ance, commitment to participate in training programs, and commitment to serve
on=call for not less than two years. The 1lists should be processed into a
data bank, classifying perscnnel by geographical location and special skills.
To avoid problems with legal 1iability for actions by personnel and with
discipline and control, consideration should be given to mobilizing special
inspection teams under government power of conscription with conditions of
service and compensation rate as part of the enrcliment procedure.

Mandatory training programs should be organized for inspection teams,
encompassing the following: (1) disaster relief plan organization, (2) mobil-
jzation procedures, (3) team organization, (4} communications procedures,

{5) identification of types of damage, {(6) structural and nonstructural

hazard identification, (7) recording procedures, (8) temporary hazard abate-
ment, and (9) estimation of damage losses and possible repair costs. In addi-
tion, special training should be provided for: (1) evaluation of damage with
respect to safety for continued occupancy, {2) evaluation of damage to util-
ities and services for health hazards, (3) evaluation and identification of
on-site soil and foundation conditions, {4) identification of structural
load-resisting systems without benefit of plans, and (5) identification of
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mechanical and electrical systems without benefit of plans. Classroom
training, correspondence courses with assignments and periodic examinations,
and workshops to discuss problems encountered in recent earthquakes should
be used. Field exercises, including simulated disasters and involving all
disaster relief agencies, should be held with participation in at least one
such exercise mandatory for re-enrollment.

PROCEDURES FOR INSPECTION AND EVALUATION

Before effective identification and evaluation of damage can be under-
taken, several operations must be completed, including: (1) identification
of areas where damage must be assessed, (2) clesing-off of damaged areas, and
(3) activation of the central control group or groups.

To define the damage area, photo reconnaissance flights should be ini-
tiated as soon as possible with planning the joint responsibility of appro-
priate federal, state, and local governmental agencies. Damage evaluation by
driving through the area on a biock-by-block basis is less desirable than
overflights because of access problems to heavily-damaged areas and less
rapid accumulation of data. Closing-off of damaged areas should be the res-
ponsibility of the police. The central control group should be informed of
the boundaries so as to plan the mobilization of inspection teams and to
arrange for personnel access.

The central control group coordinating the 1Q§pection efforts and mutual
aid between affected areas would: (1] establish communication with the cen-
tral disaster relief organization, (2) mobilize headquarter office forces and
inspection teams, (3) retrieve stored equipment and arrange for issuance of
supplies to inspection teams, (4) arrange transportation and communications,
(5) arrange for personnel feeding and housing, (6) process inspection reports,
(7) respond to inspection requests, (8) issue preliminary damage assessment
data to pertinent agencies and news media, and (9) conduct special inspection
parties through damaged areas.

Inspecticn personnel should report automatically to their mobjlization
point if they have been unaffected by the earthquake and are Tocated in or
near the disaster area. Personnel from other areas should be notified by
the appropriate agency. In case of loss of telephone service, notification
could be by radio. In reporting personnel must use whatever means of trans-
portation is in operation, including personal vehicles if necessary. Pre-
arrangement for use of government vehicles and car pools should be part of
the operations plan. A form of pass familiar to state and local police
should be issued in advance to all enrolled persons with blank passes avail-
able at mobilization points for emergency use. The head of the Building
Inspection Agency should have control of pass issue.

Mobilization points should be established considering that some may be
rendered inoperable by the disaster. Preferably, the mobilization point
would serve as the coordination center for damage evaluation. If the center
also housed police, fire, and other vital functions, coordination of effort
would be greatly enhanced,

Inspecticn teams would be formed as personnel report for duty. En-
gineers familiar with specific structures should be assigned to investigate
same. Inspection priority should be established with essential community
facilities heading the 1ist. An emergency radio system with mobile two-way
inits for each team would be most helpful. If such is not availabie, the
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following might be considered: (1) taxicab two-way radios, (2) walkie-
talkies, (3) amateur short-wave, (4) private cars with or without two-way
receiver-transmission systems, (5) military vehicles, and (6) foot messengers.

After inspection teams are at a building, they must identify the lateral
force resisting system, and evaluate damage to this system and to other build-
ing elements to ascertain whether the building should be posted as unsafe for
occupancy. To expedite inspection and recording of observations, forms have
been developed for recording data on damage to structural and nonstructural
elements, mechanical, electrical, and plumbing systems,and on soil and site
conditions. These forms were designed so the data can be punched directly
on IBM cards for processing. Generally, it is desirable to (1) identify the
building, (2) identify the inspection team by code number, (3) record the
time and date of inspection, {4) detail the building location, (5) describe
the occupancy {use, special contents, and number of occupants, (6) describe
number of stories above and below grade, shape and dimensions (plan and ele-
vation) and foundation/soil conditions, {7) describe the structural system
(roof, floors, walls, frame, connections), (8) identify all materials of con-
struction, and (9) describe special features and construction details (fin-
ishes, lighting, mechanical and electrical systems and special eguipment,
stairs, parapets, etc.). Information should also be provided on (10) damage
in structural and nonstructural elements and distortion or malfunctions of
nonstructural elements, (11) the degree of hazard from sources within the
building and adjacent buildings, and {12) cost estimates of loss and cost
of repair or demolition. Finally, inspection team recommendations and any
action taken should be noted.

Several classes of structures should receive special attention. Hos-
pitals: Because of the complexity and interdependence of the service systems,
qualified enginesers with experience in hospital design should assess their
condition. Hospital operating personnel should accompany the team, and con-
sideration should be given to the state of the buildings and the potential
hazards of dangerous gases, liquids, or solids, and radiation emission.
Utilities: Most utilities have emergency plans for investigating and re-
pairing damage to their facilities, and therefore commnunication between
their staff and the central control group should have top pricrity.

- Schools: The service systems of many school buildings can be expected to
be severely damaged; however, these systems are usually relatively simple
and their potential for creating hazardous conditions is negligible. Cog-
nizant technical and custodial school personnel should be Tisted at emer-
gency operating centers. O0Office Buildings: The services provided in most
office buildings are relatively simple; however, complex electrical equip-
ment is often present, posing a serious fire hazard if wiring is disrupted;
structural complexities may create difficulties for inspectors. In most
Tow-rise office buildings, the mechanical equipment and power supply systems
are relatively simple to inspect. The stability of heavy equipment and its
supports, and the potential for fire hazard, should be evaluated. In high-
rise office buildings, mechanical equipment is often concentrated at mid-
height and service distribution systems may be extensive, complex, and
difficult to observe. The weight of equipment, and the potential instabil-
ity of mechanical components, is of concern. The cognizant operating tech-
nical personnel should have emergency plans coordinated with the Tocal
emergency control group, and should if possible accompany the inspection
team. The inspection team for any complex office bulding should be com-
posed of specially qualified personnel. Manufacturing Plants: Although
the size and complexity of service systems in manufacturing plants vary
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widely, the standard investigative team should be capable of inspecting
and evaluating hazards associated with common industrial plants. Where
dangerous materials are present and/or there is risk of fire or explosion
current information on such conditions should be on file in the emergency
operating centers, and investigative teams provided with a checklist of
"special hazards. Local fire departments often maintain current files on
such potential hazards and inspection teams should have access to this
information. Elevators: Because of the complexity of controls and poten-
tial operating hazards, an initial cursory inspection should be made and
followed by a more detailed inspection by specialists. Elevators should be
posted as nonoperable unless their continued operation is essential under
emergency conditions.

HAZARD POSTING AND REINSPECTION

After an inspection team has concluded its evaluation, all buildings
will be posted with one of the following: (1) inspection notice posted:
minor damage, no hazard to occupants, (2) posted green: badly damaged, possi-
ble hazard to occupants, limited entry only, (3) posted blue: major damage,
safety of building questionable, entry prohibited, (4) posted red: major
damage representing a severe hazard, in a state of incipient collapse, entry
prohibited. Local governmental bodies should enact enabling ordinances pro-
hibiting entry into buildings so posted.

A determination that a building must not be occupied can have severe
impact on the owner or tenant. Because relatively large aftershocks often
occur, weakened buildings possibly may be further damaged. A reinspection
of all structures classified as unsafe to occupy or marginal in their first
inspection must be required within one week. Reinspections should be more
meticulous and complete. The reinspection team should be highly qualified
and preferably be licensed structural engineers, A record of the reinspec-
tion must be filed with the agency in charge. Copies of these forms should
be sent to potice and fire departments and to participating state and federal
disaster agencies.

REFERENCES :

Recommended Seismic Design Provisions for Buildings, Appendix "Emergency
PosttEarthquake Inspection and Evaluation of Damage in Buijldings," ATC-3,
Applied Technolegy Council, Palo Alto, California (to be published).
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A NONLINEAR SEISMIC DESIGN PROCEDURE
FOR NUCLEAR FACILITIES

by

H. Kami?I and V. V. BerteroII

SYNOPSIS

A procedure is presented for an efficient, economic, and reliable
earthquake resistant design for nuclear facilities. The main emphasis is
on frame type structures, such as auxiliary or turbine buildings of a nu-
clear power plant complex. Reactor containment structures are also dis-
cussed. The design procedure for frame type structures consists of a
step-by-step nonlinear, inelastic, optimum design approach, including pro-
posed preliminary and final design techniques. Probabilistic methods for
determining the reliability of designs so obtained are also reviewed.

INTRODUCTION

Safety and economy have become the primary considerations in the de-
sign of nuclear faciiities. Different safety requirements may, however,
apply to different structures and components in a nuclear power pliant com-
plex, depending upon the importance of the structure and the contained
equipment, and the consequences of potential accidents related to that
structure. In this context, the reactor containment structure (and the
contained emergency cooling piping systems) are the most important and
require special treatment in their analysis and design. Other structures,
such as auxiliary buildings and turbine buildings, are relatively less
important than containment structures from a safety point of view.

For the seismic design of a containment structure, it is therefore
necessary that under a safety level earthquake, there should be no (or
minimum) damage. The stresses should therefore remain well within the
allowable limits, though it might resuit in uneconomical designs. For
auxiliary, turbine, and other structures of a nuclear power plant complex,
however, it is desirable to go into the nonlinear range so that a rational,
economical, as well as reliable, design can be obtained. A seismic design
procedure is presented here in view of the above overall considerations.

In general, the main objective of any designer is to obtain a design
which should be economical, reliable, and serviceable. Recent advances
in computer technology have lead to the development of sophisticated anal-
ysis procedures for compliex structural systems. However, use of a sophis-
ticated analysis procedure does not necessarily guarantee a design which
would satisfy the necessary criteria of safety and serviceability. There
are several other factors involved which would determine what kind of de-
sign is finally obtained. One of them is the desirability of a good and

I Dr. Hasan Kamil, Manager — Technical Development and Senior Project
Engineer, Engineering Decision Analysis Company, Inc., 480 Ca11forn1a
Avenue, Palo Alto, California 94306

IT  Professor V. V. Bertero, Department of Civil Engineering, University
of California, Berkeley, California 94720
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efficient preliminary design. If the preliminary design of a structure is
"poor," repeated analyses of such a design, regardless of how sophisticated
the analysis procedure may be, would usually lead to an improved "poor"
design. Another factor on which obtaining a good and efficient design
would depend is the design concept used. These two factors would gener-
ally determine how the strengths and the stiffnesses of members are dis-
tributed through the whole structure, which in turn would determine the
lateral story force [inertial force) distribution transmitted from bottom
to top when the structure is subjected to a strong ground motion.

In addition, it is important that some kind of optimization procedure
is used to be ahle to obtain the most economical design practically possi-
ble, which would at the same time satisfy all the desired design criteria.
An approximate and informal optimization procedure may be used based on
the judgment of the designer. On the other hand, if the designer is not
very experienced, it may be desirable to use a formal cptimization proce-
dure such as Linear or Nonlinear Programming.

Finally, for a realistic estimation of the reliability of a design, it
is desirable to use a combination of deterministic and probabilistic tech-
niques. Simplified probabilistic approaches such as second-moment format
may be employed for this purpose.

PROPOSED DESIGN PROCEDURE

The proposed design procedure is divided into two different parts,
depending on the importance and the safety category of the structure and
the structural system used. For auxiliary and turbine buildings, which
are generally steel or concrete frame type structures, a nonlinear, inelas-
tic, optimum design procedure is propeosed, along with a simplified proba-
bilistic approach to estimate the structural reliability of the final de-
sign. For the reactor containment structure, which usually consists of
concrete shell or shear-wall systems, a linear, elastic design procedure
is proposed, along with a simplified probabilistic approach to estimate
the structural reliability. :

FRAME TYPE AUXILIARY AND TURBINE STRUCTURES

A detailed description of a similar basic procedure developed by the au-
thors, along with an example, was presented in References 1, 2, and 3. A very
brief description of this procedure will therefore be presented here due
t0o a shortage of space with details of the latest modifications only, where
applicable.

In developing this proposed design method, an attempt is made to ob-
tain the most economical (minimum weight) design practically possible. To
this end, Linear Programming technique is utilized. Economic considerations

also require that for a major dynamic loading (e.g., a major earthquake),
- the structure should be able to absorb and dissipate large amounts of en-
ergy through inelastic deformations. An inelastic model is therefore used
here, so that the design is based on the 1imit state that actually controls
it. A strong column-weak girder design concept is utilized so that all
the Jarge inelastic deformations are confined to girders only. This ensures
that thers would be no column failures resulting in disastrous structural
failure, and also that there would be a more reasonable story load distri-
bution through the height of the structure. In the absence of such a de-
sign concept, if a certain story yields under the action of a strong ground
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motion, the story shear transmitted above that story would be equal to the
capacity of that particular story and therefore the design of that story
would govern the design of stories above it. ‘

The proposed design procedure consists of a step-by-step computer-
ajded procedure which is basically carried out in the following major
steps: (1) Preliminary Analysis; (2) Preliminary Design; (3) Analysis of
Preliminary Design; (4) Final Optimum Design; (5) Aralysis of Final Optimum
Design; and {6) Determination of the Reliability of Final Optimum Design.

In the first step, after careful analysis of the data, serviceability
and safety requirements are established and the corresponding design spectra
from USNRC Regulatory Guide 1.60 are utilized. These linear elastic re-
sponse spectra are then reduced to take into account the inelastic behavior
corresponding to a properly selected pattern of values of ductility. Based
on values of periods and mode shapes selected from tabulated values gb-
tained from experimental and analytical investigations already carried out
on similar frames, preliminary story shear forces are obtained using a
mode superposition procedure. A step-by-step iterative procedure is used
to achieve a proper combination of the values for the fundamental period,
drift, damping, ductility, story shear forces, and seismic coefficient.
When this is achieved, the values so cbtained for the story shear forces
are the ones used for the subsequent preliminary design of the structural
membears.

The preliminary design consists of a story-wise strong column-weak
girder Timit design using optimization to obtain first the sizes of the
girders and then the sizes of the columns. The columns are designed with
a larger factor of safety than the girders. This is done to account for
the greater uncertainties involved in the design of columns,. the probable
effects of biaxial shear and bending, and possible increase in axial forces
duye to the other horizontal component as well as the vertical component of
ground shaking. The girders are designed so that the weaknesses are uni-.
form at each floor level as well as throughout the height of the building.
This is required to avoid early yielding at one particular "critical region”
of a girder, and, therefore, to reduce the possibility of a considerably
higher rotation ductility demand in this region. Furthermore, in order for
the application of modal superposition procedure and the use of a reduced
response spectrum to provide satisfactory results, it is desirable that crit-
ical regions of the entire structure yield simultaneously. This preliminary
design can be carried out by hand computations or through the use of a com-
puter program developed for this purpose, and is based on elasto-plastic
analysis using a single story subassemblage and including the P-A effects.
Working load drift limitations can be imposed and an approximate cost mini-
mization technique using linear programming can be applied (Ref. 1, 2, and 3).

The static response of the preliminary designed subassemblages and of
the whole structure, and then the dynamic response of the whole structure are
obtained using two nonlinear computer programs (Ref. 1, 2, and 3) based on an
elasto-plastic moment-curvature relationship with Tinear strain-hardening.
The inelastic rotations, which are assumed to take place at localized plas-
tic hinges, are computed to provide a measure of the plastic rotation demand
on the critical regions of the structure. The P-A effects and the influence
of axial force on cotumn yielding strength and flexural stiffness are also
taken into account. Application of a nonlinear dynamic analysis program per-
mits the evaluation of the response of the preliminary designed structure to
different earthquake motion time-histories compatible with the design spectra.
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From the outputs of the above two programs, maximum values as well as
time-histories of the curvature, rotation, and displacement ductilities are
obtained. 1If these ductility values and their variations agree closely with
those preselected, and if the pattern of maximum shear forces obtained from
the dynamic analysis as well as that of the shear capacities of each story
obtained from the static amalysis is close enough to the pattern of story
shears used in the preliminary design, the values of this last set of shears
are adjusted in accordance with those found from the two analyses, and they
are then used for the final optimum design of the frame. If the agreement
of one or more of the above parameters is poor, the results obtained in the
preliminary analysis and design must be reviewed and modified until satis-
factory agreement is achieved.

The final optimum design procedure is similar to that used for the pre-
liminary design except that it is completely automated and uses more sophis-
ticated story subassemblages and more formal linear programming technigue.

Analyses of the structure to several different earthquake time-histories
compatible with the NRC design response spectrum are then carried out using
the nonlinear dynamic analysis computer program MULTY, developed by the
senior author {(Ref. 1 and 2). Dynamic response analyses of the designed.
structure to a set of different ground motion time-histories, covering as
many characteristics as possible which can be c¢ritical to the behavior of
the structure, are necessary because of the uncertainties involved in pre-
dicting the future earthguakes. Artifical time-histories compatible with
the design spectra are generated using the computer program, SEQGEN, devel-
cped by the senior author and colleagues.

Finally, the reliability of the final opiimum design is estimated by
using simplified probabilistic methods. Probability of failure of each
story is determinad by considering it as a "parallel® or “fail-safe" type
of system, and using the governing strong column-weak girder failure mech-
anism with the actual story shear applied at that story, already determined
Trom the deterministic analysis above. Failure of the structure is assumed
to result if any single story fails and the whole structure is therefore
considered to be simiiar to a "series” or "weakest-link" type of system.

An alternate procedure where a combined deterministic-cum-probabilistic
approach is used is also being developed {Ref. 7). In this procedure, the
deterministic and probabilistic techniquas are used side-by-side when per-
forming the nonlinear dynamic time-history analyses. Markov processes are
used for the probabilistic part of the analyses.

The different steps of the basic methodology of this procedure are dis-
cussed in detail in References 1, 2, and 3. The procedure was applied to a
10-story, 3-bay unbraced frame (Ref. 1 and 2).

REACTOR CONTAINMENT STRUCTURE

The design of reactor containment structure is based on a linear, elastic
approach. The preliminary design is usually already established on the basis
of considerations other than seismic, such as radiation shielding requirements,
protection against missile impact, etc. A linear dynamic seismic analysis is
then performed using axi-symmetric or three-dimensional finite-elements
Because the structural design of the containment is already established prior
to seismic analysis, as mentioned above, and the seismic forces may not gen-
erally govern the design, it is not necessary to use any optimization proce-
dure. The main cbjective is to check the adequacy of the structure for the
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design seismic loading to determine if the seismic stresses are within the
aliowable 1imits. The reliability of the containment structure can then be
estimated using probabilistic approaches, as described briefly in the next
section.

RELTABILITY OF DESIGN

Reliability of a structure is not a physical, directly quantifiable
property. The conventioral way of measuring structural reliability is
through the use of a "factor of safety.” This can be useful to some extent
for comparing the reliability of two very similar structural systems be-
having in a very similar way under the action of very similar loads. How-
ever, for an absolute measure of reliability, this concept loses its use-
fulness. Probabilistic methods need to be used for this purpose. ‘

Application of probabilistic methods in estimating the probability
of failure of complex structural systems, such as frame type auxiliary and
turbine buildings and reactor containment structures, becomes very diffi-
cult mainly because of the presence of a large number of possible failure
modes as well as a large number of random variables, many of them depen-
dent. Simplified approaches can be used to obtain an estimate of the
reliability of a structural system, e. g., use of second-moment theory.

If L and R vrespectively denote the load and the corresponding
structural resistance, the probability of structural failure can be writ-

ten as pf - P(R i L)

The evaluation of such a probability requires the knowledge of prob-
ability distribution functions of R and L, which may sometimes be-
come impractical and difficult to obtain. Second-moment theory can there-
fore be used to get a reasonable estimate of the probability of structural
failure.

For the frame type structures, probability of failure of each story
may be determined by considering it as a "parallel” or "fail-safe" type
of subsystem and using the governing failure mechanism with the actual story
shear applied at that story level, already determined from the determin-
istic analyses. Failure of the structure is assumed to result if any sin-
gle story fails, and the complete structural system is considered to be
similar to a "series" or "weakest link" type of system.

A containment structure can fail in a number of different modes and at
different critical locations, e. g., cylinder (or hemisphere) in longitu-
dinal direction at spring line, cylinder in hoop direction, and cylinder
at base in longitudinal direction (possible yielding of reinforcing bars),
etc., for a cylindrical containment structure with a hemispherical top.

The structural resistances to failure at the same locations are also ob-
taijned. The failure of containment under seismic loading is then expressed
as P(Fgp/A) P(A), where Fg indicates the structural failure due to the
combination of overioad and containment understrength, and A denotes the
combined occurrence of gravity and semipermanent loads and a safety level
earthquake. If the containment structure can fail in a number of different
modes, FsgT], FST2.---, these failure modes not necessarily being mutually
exclusive, P(FgT/A} = a P(Fgu/A). The probability, P(A), can be devel-

oped assuming, for example, that the occurrence of failure follows the
law of Poisson arrivals. The value of P(FST/A) can be deéveloped mainly
from structural considerations, using the pdssible failure modes.
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An alternate and perhaps more scphisticated approach to determine the
system reliability, e. g., of a frame type structure for auxiliary or tur-
bine buildings, and at the same time determine the probabilistic-cum-deter-
ministi¢ response of the system, is to use the combined deterministic-cum-
probabilistic approach proposed by the senior author in Reference 7. Along
with the step-by-step deterministic time history dynamic analyses, Markov
transition probability matrices are determined for each member at each time
step, depending on the "condition" of that member at that instant. The
"most probable stiffness matrix" is then determined and the procedure is con-
tinued for all the remaining time (Joad) steps, until the entire loading
time history is applied to the structural system.

CONCLUSTIONS

A seismic design procedure is described for nuclear facilities. For
frame type auxiliary and turbine buildings, a nonlinear, inelastic, optimum
design procedure is proposed, which consists of several steps including pre-
Viminary design, analysis of the preliminary design, final design with
optimization, and the determination of the reliability of the final design
using probabilistic methods. Most of the important factors affecting the
design, viz. fundamental period, ductility factor, damping coefficient,
seismic coefficient, -stary drift, etc. are included — thereby enabling
the design procedure to exert far greater control over the seismic design
than the conventional design procedures. References 1, 2, and 3 describe
this procedure in considerable detail. The use of probabilistic methods
provides a reasonable estimate of the reliability of the structural system
for the design safety level earthquake. For the containment structure,
it is proposed that the design be carried out in the linear, elastic range,
and the reliability of the design is again estimated using probabilistic
methods.
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DYNAMIC BEHAVIOR OF AN ELEVEN STORY
MASONRY BUILDING

by
I IT
R.M. Stephen™ and J.G. Bouwkamp
SINOPSIS

The results of a forced vibration study of an eleven story reinforced
masonry structure are compared to a dynamic analysis. The experimental
work determined the natural frequencies, mode shapes, and damping values.
Considerable flexibility of the foundation was noted in the experimental
studies. The analytical model was developed with both a fixed and flex-
ible base. Experimental and analytical resonance data are compared.

) INTRODUCTTOR

The design of multistory structures subjected to dyramic forces
resulting from foundation motions require a consideration of both the
characteristiecs of the ground motion and the dynamic properties of the
structure. The availability of high speed digital computers and the soph-
istication of the idealization of structures and the computer model formu-
lation of the structure have made available the elastic, and in certain
structural systems, the inelastic response-of structures when subjected
to earthquakes. However, the accuracy of the results in large measure
depend upon the computer model formulation of the structure and its found-
ation. TIn order to determine the accuraey of the calculated results and
to accumulate a body of information on the dynamic properties of structures,
especially when these structures have novel design features, a number of
dynemic tests have been conducted on full-scale structures (1).

For the above reasons a dynamic test was performed on the Qak Center
Towers, Oakland, Califormia (2).

DESCRIPTION QOF BUILDING

The Oak Center Towers is an eleven story structure located in Oskland,
California, The 100 foot high building has an overall plan of 85 feet by
200 feet. The building is offset in the middle by approximately 16 feet
so that it does not have & pure rectangular plan. It is constructed with
reinforced concrete block shear walls and prefabricsted prestressed con-
crete slab elements. The elevator shaft is located in the center south
gection of the structure with stairwells at either end. Figure 1 shows
the east elevation of the building.

The building is designed as a housing development for the elderly
and is therefore medular in concept. The building is serviced by two
elevators in the center south section of the structure. Stairwells are
located on either end of the building. Figure 2 shows a typical floor
plan for the second through eleventh floors.

The vertical and horizontal load carrying systems are reinforced
concrete masonry shear walls in both the transverse and longitudinal
directions. These walls rise from the first floor and run up to the roof
except in one section on the south end of the first floor where the dining

I Principal Development Engineer, University of California, Berkeley.
IT Professor of Civil Engineering, University of California, Berkeley.
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room is located. In this location the walls terminate at the second floor
and & reinforced concrete frame system carries the loads to the founda-
tions.

The foundations are in general spread footings under each of the
walls from 4 feet to 6 feet in width and eighteen inches thick.

The compressive strength of the masonry unit is 3000 psi belcew the
eighth flcor and 2000 psi sbove the eighth floor. All of the cells in
the masonry were grouted with 4000 psi hard rock concrete.

The transverse walls are made up of eight inch wide blocks from the
first floor to the roof. The longitudinel walls, which basically run down
each side of the corridor, are twelve inch wide block up to the fifth
floor and eight inch block from the fifth floor to the roof.

The minimum reinforcement consisted of twe number 4 bars at 24 inches
on centers vertical and the same horizontal for the twelve inch bloek and
in the eight inch bloek one muber 4 bar at 2k inches on center, both
vertically and horizontally. Special reinforcement is added at wall ends,
corners and where two walls connect. This consisted mainly of number 8
bars up to the eighth floor then number & bars from the eighth to the
tenth floors and number 5 bars from the tenth floor to the roof.

The floor system consists of precast prestressed planks 6 inches deep
and 40 inches wide spanning between the transverse walls. A 2 inch light-
weight concrete topping is placed over these planks.

EXPERIMENTAL PROGRAM

Forced vibrations were produced by two rotating-mass vibration gener-
ators or shaking machines mounted on the 11lth floor of the building and
oriented so as to induce the maximum forces in the East-West and Neorth-
South directions as shown in Pigure 2. A complete description of the
vibration generators is given elsewhere {1,3).

The transducers used Lo detect horizontal floor accelerations of the
building were Statham Model AL linear accelercmeters, with 2 maximum rating
of + 0.25g. The electrical signals for all sccelerometers were fed to
amplifiers and then to a Honaywell Model 1858 Visicorder. For the trans-
lational motions the accelerometers were located nesr the ceanter of the
floor and oriented so as to pick up the appropriate East-West or North-
South accelerations. TFor recording the torsional motion accelerometers
were properly oriented near the north and south ends of the building. To
determine the resonant frequencies of the building the accelercmeters were
located on the 11lth floor. In addition vertical accelerations were taken
at 6 locations on the 1st floor to determine the foundation motion. The
mode shapes were evaluated from records taken at all of the floors ineliud-
ing the rocf,

MATHEMATICAL MODEL

A mathematical computer model of the Oak Center Tower Buillding was
formulated to assess its dynamic characteristics. The model was formulated
using both a rigid base and a flexible base., TABS, a general computer pro-
gram developed by the Division of Structural Engineering and Structural
Mechanics of the Department of Civil Engineering at the University of
California, Berkeley, was used to calculate the frequencies and mode
shapes of the building. A complete description of this program is given
in reference (L).
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The program considers the floors rigid in their own plane and to have
zerc transverse stiffness. All elements are assembled initislly into
planar frames and then transformed, using the previous assumption, to
three degrees of freedom at the center of mass for each story level (2
translational, 1 rotational). Coupling between independent frames at com-
mon column lines is ignored. The basic model of the building was formu-
lated as a system of independent frames and shear wall elements inter-
connected by floor diaphragms which were rigid in their own plane and
fixed at the lst floor level.

The story masses are obtained from the approximate dead loads per
floor. These lumped weight wvalues include the floor slabs and mascnry
walls for each floor level.

During the experimental phase of the work significant vertical motion
was recorded at the first floor level in the building. Therefore as a
second basic approach the model was allowed to have a flexible base.

Based on the measurements of the ground accelerations at the first
floor of the building the following approach was used.

It was assumed that the accelerations measured were due primarily to
first mode response. As such, a first mode shape was assumed and acceler-
ation values at each mass point computed. These were used to calculate an
effective overturning moment which when compared with the meassured ground
accelerations allowed an assegsment of the base rotaticnal and translat-
ional stiffness. An additional basement story was added to the structure
with the stiffness wvalues as determined above assigning to the elements
as & means of modeling the rotational and translational flexibility.

RESULTS

In the forced vibration tests, two translational modes in the Eagt~
West and North-South directions were excited, as well as, the one torsional
mode. Typical frequency response curves in the region of the resonant
frequencies are shown in Figure 3. The typical vertical and horizontal
modes shapes are shown in Figure 4. The resonant frequencies and damping
factors evaluated from the experimental data selong with the analytical
results are summarized in Table 1.

CONCLUSIONS

In comparing the forced vibration as well as the analytical solution
it is noted that there is reasonable agreement in the first two modes,
however, this does not hold as true for the higher modes. The analysis
indicated that in the first E-W mode there was a significant contribution
of torsion in this mode. This is also noted in the foreced vibration study
where the first E-W mode and the first torsional mede {(2.78 and 2.83 cps,
respectively) were very close together.

The predominant feature which came ocut of the analytical solutions
was the effect of the foundations on the response of the structure. The
fundamental frequency was almost half for the flexible foundation as for
the rigid foundation (2.45 versus 4.13 cps, respectively). The analysis of
very rigid structures on flexible foundations must consider the soil-struc-
ture interaction phenomena or the solution could be as much as 100 percent
off.

It is apparent that for structures where the in-plane stiffness of
the floor system is less or comparable to the stiffness of the lateral
load resisting system, the assumption that the floors are rigid in their

99



own plane does not seem to hold true.

This same responge regarding the flexibility of the foundation and
the in-plane bending of the floor system was also noted in some recent
forced vibration studies carried out on a building in Sarajevo, Yugoslavia

(5). '

The damping values determined from the forced vibration studies varied
from a2bout 2 percent to almost 9 percent. The higher damping values could
be due to the flexibility of the foundations and their ceontribution to the
response ¢f the building.

TABLE 1 COMPARISON OF RESONANT FREQUENCIES AND DAMPING RATIOS

MODE
EXCITATICN 1 2
FORCED FORCED
VIBRATTION ANALYSIS VIBRATION ANALYSIS
FREQ | DAMP FIXED | FLEX FREQ | DAMP FIXED | FLEX
eps % BASE | BASE cps % BASE | BASE
E-W 2.781 6.4 4,50 | 2.45 5.821 2.1 1h.k9 | .13
N-8 3.30f 8.8 4.08 | 2.98 5.93 ) 2.8 5.08 | ==
Torsional 2.83] 2.6 - - - - —— -
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Mathematical Modeling of a Steel Frame Structure

(1} (2)

David T. Tang and Ray W. Clough

SYNOFSIS

By comparing the computed dynamic response with the performance of a three
story steel frame structure observed during shaking table tests, three diffe-
rent mathematical models of the structure are evaluated. The testing was done
in two phases: first with under-designed joint panel zones, and second after .
reinforcing the panel zones., The study demonstrates that a rationally formu-
lated mathematical model can predict adequately both the linear and nonlinear
seismic response of steel frames.

Introduction

Many analytical procedures for calculating the nonlinear dynamic response
of structures have been developed in recent years. The accuracy of the results
obtained with such programs depends, however, on the validity of the mathemat-
ical model chosen to represent the structure. Mathematical models often are
derived from experimental studies of typical structural components and sub-
assemblages; but their adequacy in depicting dynamic behavior can only be
assessed by correlation with the results of tests on complete structures sub-
jected to simulated earthquake motions. The Earthquake Simulator Facility at
Berkeley was designed to provide this correlation capability, and results from
tests of a three story steel building frame will be considered in this paper.
The testing was done in two phases: during Phase I, the joint panel zones were
deliberately underdesigned so that they would yield; during Phase II, 3/8 inch
doubler plates were welded to each side of the panel zones so that yielding
would be forced into the girder or column sections. Preliminary reports on
these tests have appeared (1,2,3); subsequently two comprehensive reports were
published on the experimental and analytical work, respectively (4,5). In this
paper, three mathematical models used for data correlation are descrlbed and
their relative efficiency is demonstrated.

Test Structure and Instrumentation

The test structure consists of two identical three story moment resistant
steel frames, 17'-4" high by 12'-0" span (see Fig. 1), interconnected by rigid
floor diaphragms. Columns and girders are WSx16 and W6x1l2; standard welded
connections were provided for Phase I tests, and the doubler plates added for
Phase II, as mentioned above. Concrete blocks weighing 8000 lbs were supported
at each floor level in a way that did not alter the membey stiffnesses. The
column base plates were bolted to the shaking table through heavy steel footings
to provide fixed end conditions. The dynamic performance of the frame was
monitored by 67 instrumentation channels during Phase I, and by 85 channels
during Phase II. Each channel was scanned 50 times per second and the signal
recorded in digital form on a madgnetic disc(6). Instrumentation inciuded
accelerometers and displacement gages at the floor levels, as well as strain
and curvature transducers at selected column and girder locations; during Phase
I, panel zone strains were measured by strain gages and displacement gages
{(see Figs. 2 and 3).

Test Results
During Phase I with the structure bolted to the laboratory floor, the
first mode, free-vibration frequency and damping ratio were found to be 2.24 Hz

(l)ASSlStant Professor of Engineering and Applied Sciences, State Unlver51ty of
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Professor of Civil Engineering, University of California, Berkeley, Ca.
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and 0.1% respectively; during Phase II with the structure mounted on the shaking
table the corresponding quantities were 2.40 Hz and 0.5%. Four shaking table
tests will be discussed heret Phase I tests EC100-I and ECA400-I; Phase II tests
EC400-II and EC%00-II. All used the 1940 El Centro N-S record as the horizontal
input signal. Table accelerograms for these tests are shown in Fig. 4; peak
accelerations for the four cases were 0.16g, 0.53g, 0.25g and 0.57g respec-
tively. The response was linear elastic during EC100-I and EC400-II; nonlinear
strains were produced during the other two tests, as may be seen in Figs. 5 and
6 where the vield strain level (45.9 ksi) is indicated by the horizontal lines.
The panel zone distortion ductility factor was found to be about 5 in test
EC400-I. Maximum end rotation ductility factors during test EC900-II were 1.9
and 1.2 for ceolumns and girders, respectively; permanent set was seen clearly

at the girder ends, but only minimally at the column ends.

Mathematical Models and Data Correlation

For the purpose of calculating dynamic response results to compare with
the test data, computer program DRAIN-2D(7) was used; both linear and nonlinear
analyses were made with the same program, merely by setting the vield limit
appropriately. The first mathematical model (designated Model A) included
shear, axial and flexural deformations of columns and girders -- considering
their clear span lengths; panel zones were treated as additional shear deforma-
tion elements. Masses were assumed lumped at story levels on the column lines,
and mass-proportional damping was prescribed giving 0.5% critical in the first
mode. The response to EC400-II was computed with this model; the third floor
displacement result is shown in Fig. 8. The poor correlation with the observed
data is due mainly to the first mode analytical frequency (2.44 Hz) being much
higher than the apparent frequency observed during the test (2.25 Hz), even
though it agrees well with the free vibration result (2.40 Hz). To demonstrate
the source of the poor correlation, Mcdel B was developed from Model A merely
by using the center-to-center column lengths rather than clear span (Fig. 7B).
The fundamental fregquency provided by Model B is 2.24 Hz, and the response
given by it is seen in Fig. 9 to corrslate well with the cbserved result.

The third model, Model C, was developed from Model A by including the rota-
tional flexibility of the shaking table (provided by two vertical springs). The
spring stiffnesses were adjusted to provide the observed response frequencies
{see Table I), otherwise the model was identical to Model A. Correlations of
Model C results with observed data are shown in Figs. 10-13. Linear response
to EC400-II, for both third story displacement and first floor girder moment
are seen in Fig. 10 to correlate perfectly with the test data. The correspond-
ing Phase I linear test (ECl00~I) displacement correlation is shown in Fig. 11;
to provide this good agreement the first mode damping was taken to be 1.5%. The
same damping was used in the analysis of EC400-I, the Phase I nonlinear res-
ponse, with results shown in Fig. 12. The panel zone vield moment of 170 k-in
and 17% post-yield stiffness adopted for this analysis were taken from the
experimental results (Fig. 5); dead load and residual stresses were neglected.
The final correlation, for the Phase II nonlinear test {(EC900-II}, is shown in
Fig. 13. 1In this analysis, the post-yield stiffness was set at 8% and 4% for
the girders and columns, respectively, reflecting the rather significant yield-
ing which took place. The correlation is generally very good. Note that the
plot of girder end rotations compares the observed rotations at the two ends of
the same member {(not analysis vs. experiment) and shows the significant bias
caused by dead load moments.

Conclusions
Based on these correlation studies, the following conclusions may be drawn
on the mathematical modeling of steel frame structuras.
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1. The basic model may be derived from the mass and stiffness properties of
the frame components, using c¢lear span dimensions and treating the panel
zone as an additional element.

2. It is essential to include the rotational flexibility of the shaking table
in modeling the complete dynamic system.

3. Post yield behavior of the members must be specified reliably in both yield
level and bilinear stiffness; predicting these from coupon test data may
not be easy, due in part to the influence of dead load and residual strains.

4. Further tests will be needed to demonstrate model effectiveness for large
nonlinear responses (ductility factors greater than two).
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TABLE 1 MCDEL PARAMETERS

Test 1st Mode Vertical Spring 1st Mode
Run frequency Stiffness Damping
(Hz) (kip/in) (%)
EC400-I1 2.312 212 0.5
EC100-I 2.155 212 1.5
EC400-T 2.155 212 1.5
EC300-1I 2.279 193 0.5
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EVALUATION OF CORTRIBUTION OF FLOOR SYSTEM TO DYNAMIC
CHARACTERISTICS OF MOMENT-RESISTING SPACE FRAMES

by
. I R IT
Lincoln Edgar™ and Vitelmo V. Berterc

SYNOPSIS

Parametric, finite element analyses are used to study the contribution
of beam-glab floor systems te the overall stiffness of moment-resisting
frames, and to establish graphs of the influence of different floor parameters
on the floor stiffness. The graphs are the basis of a practicel and suffi-
ciently accurate method for computing the contribution of the floor system to
the lateral stiffness of a moment-resisting space frame, The proposed method
was found to be more accurate than cther methods currently used.

INTRODUCTICH

The overall lateral stiffness of a moment-resisting frame is governed by
the latersl and rotational stiffness of the columns, and the rotational stiff-
ness of the floor system at its supports. The floor system contributes to
the stiffness primerily by restraining the rotation of the columns at the
floor levels. This type of restraint has a considersble influence on the
overall freme stiffness which can usually be increased more efficiently by
increasing the stiffness of the floor system rather than that of the columns.
In general, a floor system of a moment-resisting frame building consists of
a floor slab thet is cast monolithically with the floor beams d thus becomes
an integral part of the resisting frames., Studies have shown(l that the lat-
eral stiffness of such frames, which is an essential parameter in the deter-
mination of the dynamic characteristics of the struecture, is very sensitive
to the assumed participation of the floor slabs.

Several methods for estimating the flcor slab’s contribution to the lat-
eral stiffness of buildings are presently used in the U.S. The ACI 318-71
Code'?) recommends the "equivalent frame method" whereby a three-dimensional
slab-column system is represented by a series of two-dimensional frames which
are then analyzed for vertical or horizontal loasds acting in the plane of the
fremes, The frames consist of equivalent columns and beam-sladb strips, bound
laterally by the centerline of the panel on each side of the column center-
lines. This method is difficult to use with most availsble computer pro-
grams, and of questionable accuracy when used to compute the lateral stiff-
ness of buildings. Another approach is the effective slab width method where-
by a building is modeled as a series of plane frames and the floor as equiv-
alent beams. The floor beams and the effective width of the slab determine
the stiffness of the uniaxial, prismatic equivalent beams. Several effective
slab width ratios have been suggested, ranging from 0.50 of the half panel
width on each side of the column centerline to velues greater thapn unity. This
method greatly simplifies the analysis but is open to serious questions as to
its underlying assumptions and its accuracy in predicting building responses,

Objectives and Scope. - The objectives of the studies reperted herein are:
(1) to evaluate accurately the contribution of the mein parsmeters affecting
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the stiffness of a floor system composed of a two-way slab supported on beams
between the columns; (2) to develop a practical and reliable method to com-
pute the contribution of such floors to the leteral stiffness of moment-
resisting fremes; and (3) to evaluate the adequacy and practicability of the
method to compute the lateral stiffness of space frame structures. The floor
systems consist of a slab of constant thickness, and beams with a 2:1 depth-
to-width ratio {i.e., a constant relationship between the flexural and tor-
sionel stiffnesses of a beam is meintained). Homogeneous, isotropic, and
elastic materials are also assumed. Different slab thicknesses, beam depths,
bay aspect ratios and boundary conditions are considered in a parametric study
of nmumerous floors to evaluate their influence on floor stiffness. These re-
sults are then used to develop a Stiffness Matrix Method (SMM) to model the
stiffness of a composite beam-slab floor by a set of uniexial members. The
SMM is evaluated by using it to compute the latersl stiffness of several sim-
ple space frame structures and by compering these results with those obtained
using a finite element procedure and other currently used methods.

SUMMARY OF STUDIES CONDUCTED AND OF THEIR RESULTS

The investigation consisted of establishing an 8 x 8 stiffpess matrix for
each panel in a floor, besed on two rotationsl degrees-of-freedom (DOF) at
each support (Fig. 2). This was accomplished by calculating the moments
needed to produce a unit rotation at one DOF while restraining the other DOF
at the supports. The slab was modeled {Fig. 1) as a series of rectangular
finite elements, where an LCCT9 element formed from four compatible triangles,
is used to represent the bending behavior of the slab and a constant strain
element with plane stress properties is used to represent its membrane beha-
vior. The beams were modeled as uniaxial, prismatic members, connected by ri-
gid links to the finite element nodes along the beams' centerline. The rigid
links impose at the nodes the condition of plane sections in the beem remain-
ing plene. Analytical tests confirmed this method's accuracy when used for
slender, flexible floors, but it was found to lose accuracy as the beams'
depth-to-span ratio increases and shear begins to dominete the behavior.

The influence of different combinations of the following parameters
{Fig. 2) on the stiffness of a two-way slab floor were investigated: (1) the
aspect ratio, Ly/Lp, where Ly and Lp are the panel span.dimensions as indi-
cated in Fig. 2; (2) the ratic of the slab thickness, dg, to Ly; (3) the re-
tio of the flexural stiffness of the beam to that of a slab width bounded
laterally by the centerline of the ad)acent panel, if any, on each side of
the beam, o; (L) the ratio of the torsional stiffness of the transverse
(torsional) beam to the flexursl stiffness of the flexural besam, B; (5} par-
tial and full composite beam-sleb action., Partial composite action is where
the beams are symmetrical arocund the slab neutral axis and hence only ver-
tical shears are transmitted between them, Full composite action was studied
by introducing a beam-slab eccentricity due to having the tops of the beams
and the slab coineide; (6) the different boundary conditions of the panel
occurring in single-panel floors, and in corner, exterior and intericr panels
in multi-panel floors.

A total of 122 panels were analyzed, of which 46 were single-panel flcors
with partial composite action. The rest hed full composite action of which
33 were single-panel floors, 14 were correr panels, 28 were interior panels,
and 1 was an exterior panel, Table 1 gives scme typical results describing
the first line of the 8 x 8 stiffness matrix of a single-panel floor. The
position of the neutral axis in floors with eccentric beams varies through-
out the floor and is a function of the slab stiffness relative to that of
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the beams and the coordinates of the point being considered in the floor.
The neutral axis of the composite beam-slgb floor is closer to the neutral
axis of the beams at the edges of a panel and moves closer to that of the
glab as it moves toward the center of the panel. The term, Y, defines the
position of the neutral axis of the composite beam-slab section at the sup~-
ports (Fig. 5). (Ky1)g is the first term of the floor's 8 x 8 stiffress ma-
trix and (Kj3)E, is the stiffness of the bare beems around a fictitious neu-
tral eaxis defined by & (Fig. 5), so that:

(K11)g = LEIR/Ly + GIcp/L, (1)
and 3

The carry-over factors,‘CFij, shown in Table 1 are the off-diagonal terms of
the floor stiffness matrix normalized with respect to (Kll)s. Figures 4 to

6 show typical trends of the important terms of the floor stiffnesses. It
was found that the terms, v, (Kll)s/(Kll)ﬁ, and CFi3, are primarily dependent
on the values of Llng, o, and the boundary conditions, while CFyg is depend-
ent on these three terms plus B. Furthermore, it was found that corner panel

stiffnesses eduld be adequately estimeted from results of single-panel floors,

and exterior panel stiffnesses from results of interior panels. The slab
participation, as reflected by (Ky1)s/(X1p)E (Fig. b), is highest with shal-
low beams, but drops off quickly and the flcor stiffness approaches that of
the bare beams, (Kjj)f, as o increases. The neutral axis of the floor (Fig.
5) also approaches that of the bare beams as o increases, but at a slower
rate than the stiffness. The results show that while the coupling between
DOF 1 and 3 is the most substantial, the coupling between DOF 1 and 5 should
not be neglected, especially for cases with 8 > 0.1 and Ly/Lo > 1.0. It was
also found that coupling between panel support DOF along a diagonsl or more
than one panel length away is weak. Notice that the two-way action of the
slab redistributes the moments between the floor heams. This is reflected
in Fig. 6 where the values of CFy- are substantially smaller than 0.5 which
is the value of the carry-over factor for prismatic members.

Stiffness Matrix Methed and Its Applications. - The SMM was developed from
the results of this investigatien. TIn this method, the elastic stiffness of
e beam-slab floor, Fig. 3, is estimated as the stiffness of equivalent uni-
axial members, each with three DOF. The SMM does not identify a physical
cshape for these members; rather, it establishes a procedure by which the po-
sition of the neutral axis of the equivalent member in relation to the top
of the slab and its member stiffness matrix can be computed directly from a
set of graphs. The 3 x 3 member stiffness matrix has the form of:

8410 0
(X] member = (K;;), |0 Spp kyq (3)

Each member stiffness matrix is added directly to obtain the structure's
stiffness matrix which can then be used to analyze the building response.
The effects of shear on the floor stiffness are already included in the
terms of Eq. 3; hence, no other terms to model shear effects are necessary.
The results obtained show that in the practical application of the SMM, it
is gufficient to consider only edge members and interior members (Fig. 3).
Figures L to 7 give the graphs necessary for computing the stiffness matrix
of an edge member, The procedure is as follows: (1) With L as the span
length of the member and Lo the transverse span, enter Fig. 5 to determine
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¥, which identifies the position of the neutral axis with respect to the top
of the slab, as well es £. This allows the determinstion of If and (Kil)i
based on Eqs, 1 and 2. (2) Fnter Fig. I to determine the value of
(Kil)s/(Kil)ﬁ which is used to compute (Kj7)g. (3) Enter Figs. 6 and 7 to
determine kpq and S, where 5 is a term developed from the results of the
investigation and used to determine the value of S3yj, so that:

[(Kil)s] transverse member

S1p < (K, ), ] member

(8) (k)
And, finelly

[(Kil)ssll] transverse member 5)

[(Kll);] member

Tt should be noted that in the calculations of edge members not framing into
a corner support (e.g. member B'C') only half of the transverse beam (i.e.
Beam BE in the example) is assumed to act in torsion with the flexural beam
in the calculations of {Ky3)E, B, 817 and Spp. The other half is assumed to
act with the beam in the adjscent span. The stiffness matrix of the interior
members is determined in a similar fashion., The member stiffness matrices
are symmetric but differ from those for prismatic beams.

The accuracy and applicability of the SMM were evaluated by applying it
to calculate the lateral stiffness, P/A, of 27 single-panel, single-story
structures (¥ig. 8) and of cne single-story, 3 x 3 panel structure. The re-
sults were compared with those from analyses using a finite element method,
the ACI equivalent frame method and an effective slab width method where the
slab width was based on the regquirements of section B.7 of the ACI 318-71
Code. In each case, the lateral stiffness was defined as the force, P, neces-
sary to produce & unit lateral displacement, A, of the top of the slab in the
direction of P. The results, a sample of which is given in Table 2, show the
equivalent freme method registering the largest deviation, 169%, from the fin-
ite slement analysis, and especially, as the relative column-to-floor stiff-
ness increases. This corresponds to a 39% deviation in the structure's period,
which can lead t0 substantially different estimates of its dyhamic responses.
The equivelent frame method was also found to be inconsistent in that it over-
estimated or underestimated the lateral stiffness, depending on the individual
case considered. The effective slab width method generally fared better than
the equivaleat frame, with a 13.8% maximem deviation from the results of the
finite element analysis. However, this method is not based on reliable experi-
mental or asnalytical studies, and the correlation of results from the effective
slab width method with the finite element snalysis was inconsistent and 4id not
establish well defined trends., This suggests that the equivalent slab width
could lead to much higher errors in estimating the lateral stiffness than the
13.8% deviation registered in this study. The SMM consistently estimated the
lateral stiffness closer to the finite element anslysis than the cther two
methods, with a maximum deviation of £.1%, and maintained its accuracy even
in cases where interpolation between the graphs was necessary. The graphs
and the procedures of the SMM were found to be simple 1o apply in practice.

A trisl-and-error procedure was used to compute an effective slab width,
by, that would yield the same lateral stiffness of the single-panel, single-
story structures analyzed, as estimated by the finite element method. The
results, a sample of which is given in Table 3, show a wide range of values
of by which vary with each of the parameters considered. This points out
the difficulty of attempting to model the stiffness of a two-way floor sys-
tem with an effective sleb width method.
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TASLE 1 TYPICAL RESULTS OF THE FIRST LINE OF THE 8 X 8 STIFFNESS MATRIX OF A FLOOR PANEL

L/, e B jalin]ly [(K,)g Ki%% (R )/ (K YR 1OF 5 OF, 4 |CFy 0P o [OF ¢ (CF, 7 [P,
6.5 |.39 684715 1.17 -.06{.35 |.01 |-.03l-.0b} .02]-.01

1.0 [3.0 -6l 9.0 [.35 | 1T09k&9 1.15 -.06(.3k [.01 [-.03{-.03] .02)-.00
Ly =gho" 160] 6.5 |.h0 | 736792 1.16 -.08{.3% |.02 |-.o7|-.0n| .03]-.00
8.0.064| 6.5 |.31 1625482 1.09 -.05[.35 {.01i|-.03]-.03] .o2| —

ngigo" 8.0|.06L[ 6.5 .20 | 2750200 1.00 -.04(,33 |.01-|-,02|-.01| .01|~.02
iohgn| 80084 6.5 [.30 | 8BTIOR 1.22 -.06{.36 | --![-.07|-.05( o] -~

TABLE 2 TYPICAL VALUES QF THE LATERAL STIFFNESS OF A SINGLE-PANEL, StNGLE—STORY STRUCTURE#

. P Equivalent Tr. iEffective Slab Width |Stiff. Matrix Meth.
L/ly  [Cln)ayy | 8y o (i) g (Fin. B1) SORSr 5k Diff 7 P7A Dift
" 6.5 349.6 393.3 -12.3 382.h Lg.h 357.3 2.2
. 06k :
-0 125 |80 9.0 188.8 585.0| 0.8 | 520.5 ~6.5 505.8 | -3.5
L, ~2bo" —~—
1601 6.5 353.0 390.6] -10.T 3R2.4 8.3 359.5 -1.9
.50 )
L1=130" 25 |o0.4].064] 6.5 561.5 1512.8 |-169.4 556.8 ;0.8 5645 -0.5
| 1,583 | 25 |8.0].064] 6.5 | 15172 |1967.3| -25.2 | 17ARLM -11,3 | 1656.0 | -s.l
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INELASTIC CYCLIC BEHAVIOR OF REINFORCED
CONCRETE FLEXURAL MEMBERS

Bilgin AtalayI and Joseph PenzienII
SYNOPSIS

Presented is a mathematical model for predicting the force-deformation
characteristics of reinforced concrete flexural members under inelastic cy=-
clic conditions [1].

INTRODUCTION

Considering a reinforced concrete frame, the established philosophy of
earthcquake resistant design necessitates localized inelastic deformations
occurring at certain overstressed regions designated as critical regions.
Four series of tests have been conducted at the University of California,
Berkeley [1,2,3,4] to study the flexural hysteretic behavior of critical
regions under various combinations of internal force components controlling
their behavior. The results of the series of tests reported in reference {1}
in particular, permit the formulation of a mathematical model. The geometry
and reinforcing details of a typical test specimen of this series is shown
in Fig. 1.

INELASTIC HYSTERETIC BEHAVIOR

To formulate an appropriate mathematical model for reinforced concrete
members subjected to cyclic inelastic deformations under combined moment,
shear, and axial force, the lateral force-displacement behavior must be
modelled realistically; i.e. one must be able te obtain the lateral force time
history corresponding to a contreolled lateral displacement time history.

Suppose for example, the lateral displacement time history of a member
is that function shown in Fig., 2.a. The corresponding lateral force-displace-~
ment relation will be very similar to that shown by the solid line in Fig. 3.
Knowing these two relations, the lateral force time history can be obtained
as shown in Fig. 2.b.

In modelling the force-displacement relation of a member under constant
axial load, one should first establish the so called "skeleton" curve. This
curve is defined as the lateral force-displacement relation under separate
but independent positive and negative monotonically increasing lateral dis-
placements. Referring to Fig. 3, if the member under constant axial load is
initially subjected to a positive monotonically increasing lateral displace-
ment, the lateral load will increase “elastically"” to point M, remain at
essentially a constant value F,, under yielding conditions to point Q, and
then will drop off along line 55 showing a decrease in strength with increas-
ing displacement beyond §y. This decrease is due primarily to crushing and
spalling of the concrete cover on the compression sides of the member in the
critical region. If instead the member under the same axial lead had initial-~
ly been subjected to a negative monotonically increasing lateral displacement,
the lateral load would change along curve CM'Q' and then drop off with further
increases in lateral displa¢ement along line Q'S'. The force-displacement
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relations under these two monotonic conditions combine to form the basic
skeleton curve S'Q'M'OMQOS,

Let us now examine in more detail the force-displacement relation shown
in Fig. 3 for cyclic loading. If initially, cyeclic loading should take place
at amplitudes in the range - &y < § < Sy. the member will remain “"elastic"
and the corresponding force-displacement time history will be along line MM',
However as soon as the lateral displacement exceeds the yield level, hystere-
tic inelastic response follows with each subsequent cycle of deformation. In
Fig. 3, the yield level is first exceeded at point M' with the displacement
continuing to a value §] as shown at point P'. The displacement then re-
verses and continues to 62 along curve P'MP (J = 1) which constitutes the
first full half-cycle of deformation following initial yielding of the member.
Again reversing the lateral displacement and continuing to 83 along curve
PP'Q'R' (J = 2), the second full half-cycle of deformation is completed. Had
this particular half-cycle terminated at point P' rather than R', continuing
repeated cycles of deformation from §; to §3 and back to §; would produce
stable hysteretic loops connecting points P and P'. Such stable behavior is
experienced provided the absolute values of Jj, 83, and all previous displace-
ments have not exceeded 6N and provided the shear stresses are relatively low.
The third full half-cycle of deformation in Fig. 3 starts at point R', pro-
ceeds along curve J = 3 to point T, and then feollows the skeleton curve to
point R where the deflection equals 84. Note that at deflection & along
this curve, the lateral force is somewhat reduced from the value F,, experi~
enced on the previous half-cycle as represented by point P. Such a reduction
at a fixed amplitude is experienced when the previous deformation time history
has exceeded § = % §. This represents unstable hysteretic behavior which
follows with each subsequent half-cycle as shown by curves J = 4,5,6,7 and 8.
Note that quantities J, §3, ty and F; shown in Figs. 2, 3 and 4 refer to the
number of inelastic half-cycles following initial yielding, the displacement
at the initial point of the Jth inelastic half-cycle, time at the initial
point of the Jth inelastic half-cycle, and the lateral force at the initial
point of the Jth inelastic half-cycle, respectively.

Three important characteristics of inelastic cyclic behavior become ap-
parent (1L} the reduction in overall (or average) stiffness with increasing
amplitudes of inelastic deformation beyond § = % Sy, (2) the reduction in
lateral resistance at a fixed displacement with each repeated full half-cyele
of inelastic deformation beyend 8§ = £ 8y, and (3) the shape of the hysteretic
loops as influenced by certain member parameters and loading conditions. It
is important when formulating an appropriate mathematical model that these
characteristics be represented in a realistic manner. To be practical how-
ever this model must be easily adapted to numerical procedures. Therefore,

a proper balance must be maintained between simplicity and accuracy.

FORM OF MATHEMATICAL MODEL

To formulate an appropriate force-deflection mathematical model, an
analytical expression must be developed which will characterize the Jth
inelastic half-cycle (7 = 1,2,...} starting at time ty. Since in applications,
the extent of the Jth half is not known prior to its occurrence, this expres-
sion must be formulated knowing only the initial point (SJ, F;) representing
t = ty and the previous force~deflection time histdry.

Te accomplish this, a function FJ(S) will be written as shown in Table
1 which passes through the known initial point. (85,F7), designated here as
point A, and an index point B whose location reflects the influence of the
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member's force~-deflection time history prior to t = ty. The deflection at
point B, designated as GJ, is the maximum deflection which occurred prior to
t =ty for half-cycles of increasing deflection and is the minimum deflection
which occurred prior to t = ty for half-cycles of decreasing deflection; see
Eqgq. (1).

TABLE 1: RELATIONS CONTROLLING THE Jth INELASTIC HALF-CYCLE

HALF CYCLES OF INCREASING DEFLECTION, i.e. HALF CYCLES OF DECREASING DEFLECTION, i.e.
J=1,3,5,...1F INITIAL YIELD IN (-} DIRECTION, Flz-Fy J=2,4,6,...1F INITIAL YIELD IN (-} DIRECTION; F1=--Fy
3=2,4,6,...1F INITIAL YIELD IN (+) DIRECTION: Fl=+Fy J=1,3,5,...1FP INITIAL YIELD IN {+) ODIRECTION: Fl=+}?y
.i.
5? = Max. 18{£)} ; 60 <t < t Min. {§(0)} ; 0 < ¢ < £y (1)
M ¥ P P
F, o= Fy - APy . - AF By + APy |+ AF; (2)
M M
28-8_-8 28-8_-8 Pl .
T 33 1,1 m m I3 D T
PJ+KJ(6—6J)+AJcos—2 " - B {5+ 30083 ; Ffﬂ(Jté—ﬁJ) AJcosz m +BJ(2+5«:056 ) (3)
&8 -8 PJ, &.-8 PJ,
Ja J 3
- - > -
FJ(G) 6?;1’ < 0, 6?3 548 s GPJ dp; Q, 5 s 8 3
i za-ag-aJ 28-87-8; 5”
FJ*KJ(‘S“SJH“‘JCOSE —H— 3 F K {6~ 6 )] A cos— 4)
J 3
< Y- )
6PJ o, égﬁpJ, § 6PJ 6 0, 82=6, ., o2 PJ
épJ)o,-m<5<m .5PJ>(),-«»<5<eo

" .
tEXcEPT =S &F EF it B o=F

The lateral force at point B, designated as F?, is given by Eg. (2) where FP
is equal tc instantaneous lateral force which was present when §(t) last
reached the value 6§ as defined by Eq. (1) and where AF;_; and AFj are
positive quantities representing resistance losses due to poss1ble unstable
hysteretic behavior during half-cycles J-1 and J, respectively. Each of
these losses exist only if the deflection time-history during or prior to the
half-cycle represented has exceeded + 8y or - 8y. The inelastic half-cycles
for § = 1 through J = 8 in Fig, 3 are separated and shown again in Fig. 4.
The initial point A, the index point B, and the terminal point C is shown for
each half-cycle,

In formulating function F_(8), it is convenient to use the slope of the
straight line passing through points A and B, i.e. KJ_(F§-FJ)/(6 -85) ,J=1,2,3,
This function, with certain restrictions on its use, can be expressed by the
approximate empirical Eqs. (3) and (4), Table 1. Quantities A and By
appearing in Egs. (3) and {4) are positive coefficients. Quantity GPJ
appearing in Egq. (3) and in the conditional relations is that value of §
which yields a zero value for F3y(§) using Eq. (4},

_ The first two terms on the right hand side of Egs. (3) and (4) express
the equation of the straight line passing through points A and B while the
remaining two terms in Eq. (3) and the single remaining term in Eq. (4)
represent the deviation of the function FJ(6) from this straight line. The
last term in Eq. (3) containing the coefficient By represents the pinched
form of the hysteretic loop. Implicit in the form of this last term is

the simplifying assumption that the pinched form is symmetric with respect
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to § = 0. This assumption is, of course, not strictly true.

Function FJ(G) as defined by Egs. (3) and (4) can represent the entire
Jth half-cycle only when it stays within certain bounds of the skeleton curve
Fg(8); i.e. the function F;(8) must never be extended across the skeleton
curve for |8| > 6y. For example -in Fig. 3, while half-cycles J = 4 through
J = 8 can be represented entirely by Egs., (3) and (4), half cycles J = 1
through J = 3 can only be partly represented by these equations. Function
F7(8) as defined by £gs. (3} and (4) represents half-cycles J = 1, J = 2,
and J = 3 from their initial points to points M, P', and T, respectively.
The remaining portions of these half-cycles, namely portions MP, P'Q'R’, and
TQR, must follow the skeleton curve . Mathematically this means that when
FJ(6) as defined by Egs. (3) and (4) satisfies the condition

h < < - . > : = . 5
|FJ(6){ IFS(a){ 8 8,5 6>68, 1 3=1,2, (5)
it is applicable. However, when Egs. (3) and {(4) do not satisfy Eq. (5), it
is not applicable in which case Fg{S) should be used for ¥;(8), Obviously
therefore, the skeleton curve must be represented in mathematical terms.

Referring to Fig. 3, this relation can be expressed in the form
¢

F

5= 6 -8 $856

v Y Y

FY GY <48 < dN

P (6) =<-Fy —GNgégﬁéy (6)

R

Folt =B\ - 3 §2 8y
N
6y 6y

—Fyl-es §+6 52-5N

where Bs is a positive scalar factor.

Parameters & _, B, AP_, A_, and B_ appearing in the above relations
which formulate tﬁe o%erali maghematical model must be obtained from
experimental evidence. Having their numerical values along with the numerical
values for F,, and 5y, the Jth inelastic half-cycle is completely defined.
Once the Jth half-cycle is complete, its terminal point becomes the initial
point for the J+1 half-cycle., One defines this half-cycle in exactly the same
manner used for the Jth half-cycle. By this method, one can obtain the entire
force-displacement time history.

EVALUATION OF PARAMETERS IN MATHEMATICAL MODEL
The parameters of the mathematical model presented in the previous
section can be identified as F , § , 8§ , B., AF_, A_, and B_. Based on

experimental data corresponding to'a specimen with geometry and reinforcement
detailing shown in Fig. 1, empirical relations have been formulated for their
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numerical evaluation.

Factors Fy and Sy - Numerical values for lateral force and displacement at
Initial yield, Ty and GY can normally be obtained through analytical methods
of structural analysis.

Factor Sy'- The lateral displacement at initiation of loss of lateral
resistance, GN can be evaluated using the empirical relation

8
SX': 0.05 + 2.58 0 (7
N [a]

where N, = N/bD fé is an axial compression index.

Factor Bg - Factor Bg is a measure of the loss of lateral resistance due
t& increasing lateral displacement, and as shown by experimental results,
is a function of applied axial load, N, and transverse reinforcement spacing,
s. Its value can be estimated using the empirical relation

B. = 0.27 - 0.045 §-+ 2,92 - 0.49 4 n (8)

S s s (]
Factor APy - For displacement amplitudes less than + 6N' there is no loss
in resistance over a full half-cycle of deformation; therefore,

= < < <

AF. =0  max. sy s8, o<t<e (9)
For displacement amplitudes greater than ¢ 8 a loss in resistance does
occur which can be approximated by the relation

2 4
AP =[0.15 n_ + 0.002(3.33 - D I¥, 8 > max.{|8(t)|}> §, O <t<t, (10)

M

Displacement 8y is that value of § beyond which the loss in resistance per
full half-cycle AFJ becomes significantly larger than that given by Eq. (10},

Factors Ay and B; - An analysis of experimental results shows that simple
empirical relationships can be used in the estimation of factors Ay and By,
namely:

A
J 2
E; = - 0.17 + (0.27 + 0.30 M) My - (0.02 + 0,04 n)us W 21 (11)
d
an B, 4 1/2
E;’= 3.245 - 0.284 n_ - 0.008 SJ{u -1 My 2l (12)

The quantity 4, appearing in Egs. (11) and (12) is the cyclic lateral dis-
placement ductility factor defined as:

M M
18y -85l )
Uy = 25y

Factor BJ reflects the amount of "pinching”, or the reduction of
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instantaneous shear stiffness near zero lataral load. It is well established
(see), for example [3]) that this reduction in stiffness is an inverse
function of a/D, the moment arm=-to-depth ratio. Since in the present experi-
mental investigation only one a/D ratic (fairly high to prevent shear type
failures) was uséd, the effect of this ratio is not apparent in Eq. (12);
therefore, it is suggested that the guantity BJ/Fy be increased properly

for decreasing values of a/D.

CONCLUDING STATEMENT

The mathematical model presented in the preceeding sections can be checked
against the experimental test data using a specially developed computer program.
An example lateral force-displacement relationship calculated through the use
of the mathematical model is presented graphically in Fig. 5. Only the
relationships corresponding to the first and last half cycles of lateral loading
at a lateral displacement amplitude in the inelastic range are duplicated. The
mathematical model reproduces satisfactorily the important response character=-
istics pertinent to inelastic cyclic behavior, As evidence of the simplicity
of the mathematical model it is worth noting that the calculations needed to
generate the lateral force-displacement diagrams for 6 specimens, each with a
different combination of applied axial load and transverse reinforcement
spacing and each containing about 40 half cycles of loading, required about
3 seconds of central processor time in the CDC-6400 computer.
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CYCLIC SHEAR TESTS ON MASONRY PIERS

R. L. MayesI, Y. OmoteII, R. W. CloughIII

ABSTRACT

The results of cyclic in plane shear tests on seventeen fixed-ended
masonry piers are presented. The test set up is designed to simulate
insofar as possible the boundary conditions the piers would experience in a
perforated shear wall of a complete building. Each test specimen was a
fuil-scale panel about 15 feet square consisting of two piers and a top and
bottom spandrel. The panels were constructed from 6" wide x 8" high x 18"
long hollow concrete block units. The variables included in the investi-~
gation were the quantity and distribution of reinforcement, the rate of
load application, the vertical bearing stress and the effect of partial
grouting. This paper discusses the effect of these parameters on the
hysteresis envelopes and ductility of the piers.

1. Introduction

The test results presented herein demonstrate the c¢yclic behavior of
concrete masonry piers subjected to the lateral loading. The variables
included in the seventeen tests are the frequency of load application, the
quantity and distribution of reinforcement, the vertical bearing stress and
effect of partial grouting. The seventeen test specimen include eight sets
of two identical panels. One of each pair is tested at an input displace-
ment freguency of 0.02 cps (pseudo-static) and the other at 3 cps {(dynamic).
The other variables are listed in Table 1.

Only the characteristics of the load-deflection hysteresis envelopes
are included in this paper, discussion of other parameters are included in
references (1) and (2).

II. Test Specimen

The coverall dimensicns of the seventeen test specimen are the same and
are shown in Figure 1. The piers with a height (5'-4") to width (27'-8")
ratio of two were the elements of interest. The top and bottom spandrels
were heavily reinforced in an attempt to prevent their failure, although
this objective was not achieved in all cases.

The panels were constructed from standard two-core reinforcible hollow
concrete blocks of nominal 6" wide x 8" high x 16" long dimensions. The
core of each block was approximately 51.4 square inches with a ratio of net
to gross area of 58%. Single units had an average gross compressive
strength of 1714 psi (2944 psi net strength) with a range from 1340 psi to
2040 psi over five samples. The average tensile strength of the units was
267 psi with a range from 235 psi to 285 psi over five samples. The block
test procedures followed the California Q-Block Quality Control Specifica-
tion (3},

I Assistant Research Engineer, University of California, Berkeley
Principal, Computech, San Francisco
IT Assistant Research Engineer, University of California, Berkeley
III Director, Earthquake Engineering Research Center, University of
California, Berkeley
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Tests 1, 2, 5, 6 and 9 to 12 had 2-#6 vertical re-bars in each jamb of
the pier i.e. 0.92% reinforcement based on the gross cross sectional area.
Tests 3 and 4 had 2-#4 vertical re-bars in each jamb of the piers - 0.41%.
Tests 7 and 8 had 2-#6 vertical re-bars in each jamb and 3-#5 horizintal
bars in each pier - 1.4% reinforcement. Tests 13 to 16 had a substantial
ampunt of reinforcement, designed to ensure a flexural failure - 1.67%. In
addition to the horizontal and vertical reinforcement, Tests 15 and 16 had
steel plates inserted in the mortar joints at each of the three courses
from the top and bottom of each pier. The plate used is shown in Fiqure 2.
Test 17 was unreinforced,

III. Test Equipment and Procedure

The test equipment shown In Figure 3 permits lateral loads to be
applied in the plane of the piers in a manner similar to that in which a
floor diaphragm would load the piers during earthquake excitation. It con-
sists of two, twenty-feet high, heavily-braced reaction frames to which a
pair of hydraulic actuators are connected, a mechanism capable of applying
vertical bearing loads similar to those experienced by the piers in an
actual structure, and a concrete base on which the panel is constructed and
bolted to the test floor.

The loading sequence of each panel consisted of 3 sinuscidal c¢ycles of
load applied at a specified actuator amplitude displacement and frequency.
The actuator displacements generally followed the sequence ©,02", 0.04",
0.06", 0.08", 0.12", 0.1&", 0.20", 0.25", 0.30", ==~0.5", 0.6"====1.0"w—
1.5". After each set of 3 cycles of loading the walls were visually in-
spected and the crack pattern identified.

IV. Test Results and Discussion

A sumary of the test results is listed in Table 1 and an example of a
hysteresis lcop and the mode of failure is shown in Figure 4 (for Test 3).
Shear force indicators Pyjy, Pys, Py, P and P3 and duectility indicators
89, 82, 83 and 84 listed in Table 1 are identified in Figure 4.

In the hysteresis envelopes plotted in Figures 5 to 8, there clearly
are two distinct types of behavior. First those typified by Test 1 in
FPigure 5 where the hysteresis envelope reaches a maximum load and as the
lateral displacement increases the load gradually decreases. Second those
typified by Tests 11 and 15 in Figures & and 8 where the hysteresis enve~
lope reaches a maximum load and as the lateral displacment increases this
load is maintained until a certain displacement at which point the lcad
decreases. This is somewhat similar to an elasto~plastic force deflection
relationship. The first type of behavior is characterized by low values
of the parameter (8y + 83)/, (about 1.5) and larger values of the parame-
ter (§3 + §4)/2 (in the range of 2 to 6). The corresponding values for
the second type of behavior are 2-5 and 4-10 respectively.

The effect of bearing stress on (Tests 1, 2, 5, 6, 9 and 10) the
ductility of the piers is somewhat inconclusive. Evaluating the hystere-
sis envelopes of Figure 5 and the ductility indicators of Table 1, there
is a trend towards a more ductile behavior as the bearing stress increases,
however, this is offset by the fact that the piers with a bearing stress
of 300 psi can only withstand a maximum lateral displacement of 0.5" as
opposed to 1.0" for the 0 and 250 psi cases. If the maximum displacement
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of 0.5" is not a limiting factor, then an increase in bearing stress could
be considered to have a desirable effect on the ductility of the piers for
the tests performed, however as the number of tests are limited and becauss
this conflicts with the conclusion of other investigators(Z) this indica-
tion obviocusly requires further investigation. '

The effect of partial grouting on the ductility of the piers is also
inconcilusive. From the hysteresis envelopes of Figure 6, partial grouting
produces a tendency towards an elasto~plastic type of force-deflection
behavior and when compared to the fully grouted pseudo-static test (Test 1)
the overall effect appears to be favorable. However, when compared to the
fully grouted dynamic test the force-deflection curves are different and
the fully grouted pier must be considered to have the more desirable duc-
tile behavior(l), In addition, both the partially grouted piers cocllapsed
at a lateral displacement of 0.5" as opposed to 1.0" for the fully grouted
walls. Because of the limited number of tests performed and the lack of
any definite trend in the results, it is clear that further tests are
required.

Horizontal reinforcement has a very desirable effect on the shear mode
of failure (Tests 1, 2, 7 and 8). As seen from the hysteresis envelopes of
Figure 7 and the ductility indicators of Table 1, horizontal reinforcement
substantially increases the overall ductility of the piers, and the dynamic
test shows a better performance than the pseudo-static test.

The performance of the flexural mode of failure was evaluated in Tests
3, 4 and 13-16 with the resulting hysteresis envelopes plotted in Pigure 8.
The basic differencq between Tests 3, 4 and 13, 14 was the inclusion of
horizontal reinforcement in Tests 13 and 14 to ensure that a pure flexural
mode of failure was obtained. BAs expected, Tests 3 and 4 had characteris-
tics of both the shear and flexural modes of failure, showing a more sudden
drop in load carrying capacity at larger lateral displacements. Tests 13
and 14 show that the force deflection relationship of the flexural mode of
failure tends towards elasto-plastic characteristics. The most signifi-
cant result of this series of tests was the effect of joint reinforcement,
(Figure 2}, which was included in Tests 15 and 16. The addition of the
horizontal plates substantially increased both sets of ductility indicators
as well as the maximum displacement, that the piers couid withstand,
leading to an extremely desirable ductile behavior.

The main conclusion of this paper is that much more research is re-
quired on the shear strength of masonry piers. Trends of behavior were
indicated but because the number of tests was small, definitive conclusions
on many facats of the initial goals of the investigation could not be made.
However, the following conclusions did emerge in the results obtained.

1) The inclusion of a sufficient amount of horizontal bar reinforce-
ment significantly enhances the ductile behavior of piers failing pri-
marily in the shear mode.

2} The inclusion of 1/8" plates in the toes of the piers produces
extremely desirable ductile behavior for piers failing primarily in the

flexural mode.

3) An increase in vertical bearing stress demonstrates a tendency
towards a more ductile type of behavior for piers which fail mainly in

125



shear.

4) Partial grouting produces a tendency towards an elasto-plastic
force~deflection relationship prior to failing in the shear mode. However,
it is not c¢lear whether or not this enhances the overall ductile behavior
of the piers when compared to the behavior of fully grouted piers.
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Notes of Table

Frequency of the sinuscidally applied actuator displacement.
Bearing Stress based on the gross area (192 sq. in.}).
vertical reinforcement in each jamb of the piers.

Horizontal reinforcement as shown in Figure 2.3.

P 1 and Pu2 are the peak shear loads in either direction, and defined in Figure 4.41. ’Eul and
u.

1u2 are the corresponding shear stresses based on the gross area.

Pl and P2 are the average ultimate shear strengths as defined in Figure 4.41. T1 and T, are the

corresponding shear stresses based on the gross area.

P, is a working ultimate shear strength defined in Figure 4.41. T, is the corresponding shear

3

strength based on the gross area.

(Sl and (54 arc approximate ductility ratios associated with Pl and P2 and defined in Figure 4.41.

and defined in Pigure 4.41.

Average value of deflection associated with Pl

and defined in Figure 4.41.

§_, and 64 are

3 ductility indicators associated with P3

Average value of deflection assnciated with P3 and defined in Figure 4.41.

Maximum input displacement of activator.

Grouted at Re-bars only. Values in parcntheses are stresses based on net area. (152 sq. in.).
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Fig. 3 Double Pier Test Set-up
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EFFECT OF TEST TECHNIQUE ON MASONRY SHEAR STRENGTH

I II

Y, Omote ', R. L. MayesI v

I

I .
, R. W. Clough + S. W. Chen

ABSTRACT

The paper presents a comparison between the critical tensile strengths
of concrete block masonry panels obtained by three different test tech-
niques. The first two methods consist of simple diagonal tests on 32"x32%
square panels. The test set up used in the third method was designed to
simulate inscfar as possible the boundary conditions the pier would experi-
ence in a perforated shear wall of a complete building. Each test specimen
of the third method was a full scale panel about 15 feet square consisting
of two piers and a top and bottom spandrel. Theoretical formulations are
used in an attempt to correlate the experimental results. ®Good correlation
of shear strength was achieved when an appropriate theoretical formula
was used.

I. Introduction

One of the more important parameters reguired for the design of
masonry structures is the shear strength of masonry walls. In order to
determine the shear strength of masonry assemblages, a limited amount of
both experimental and theoretical research has been performed. Many
different test techniques have been used to investigate the shear strength
of masonry assemblages and the diversity of methods has arisen because of
the difficulty in simulating experimentally, the actual load and boundary
conditions of a structural masonry component in a building.

The aim of this paper is first to survey the different types of test
techniques; and the second to compare the results of the critical tensile
strengths obtained by two different tests and the cyclic horizontal load
tests recently performed at the Earthgquake Engineering Research Center,
University of California, Berkeley.

II. Test Techniques for Masonry Shear Strength

The rapid development of mechanical and electrical test equip-
ment over recent years has lead to an increase in sophistication
of apparatus available for use in experimental investigations. The
scope and aim of many programs have consequently been broadened, resulting
in the determination of more detailed and relevant information.

One of the first methods lUsed in the determination of the shear
strength of masonry walls was that shown in Figure 1l(a). The external
hold down force P, was applied to resist the overturning moment of the
panel. This method was used by Schneider(z), Scrivener et al. (3+4) and

I Assistant Research Engineer, University of California, Berkeley
II Assistant Research Engineer, University cof Califormia, Berkeley,
Princip&l, Computech, San Francisco
III Director, Earthquake Engineering Research Center, University of
California, Berkeley
IV Graduate Research Assistant, University of California, Berkeley
* These reference numbers correspond to the reference numbers
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in the test programs of the Structural Clay Products Research Founda-
tion(5:;6), It also formed the basis of the standard racking tests
described in ASTM E 72-61,

The above method was modified by Schneider(7) in a second series of
tests performed in 1959, and the modified procedure was also utilized by
Scrivener ( "in a series cf three thts. Instead of using the external
force to resist the overturning moment, an internal hold down anchor was
used, as shown in Figure 1l(b). BHere the cbjection of the large external
compressive stress applied by the overturning constrajnt at the edge of
the panel is eliminated. However, since overturning resistance depends
upeon the development of bond between the jamb steel and the grout, a
certain flexibility in the types and arrangement of jamb steel is lost,
although a more realistic boundary condition ig obtained.

Probably one of the most frequent techniques used to determine the
relative shear strengths of walls is that shown in Figure 1l(c). This
method was used in the extensive program performed by Blume and Associates
{9) and Degenkolb and Associates ‘IX). Borcheit(10) and Yokel and Fattal
(III) also used the diagonal test method but added a compressive load as
shown in Figure 1(d}.

SChneider(ll) in 1967 performed a series of tests on concrete masonry
piers. The test set up he used is shown in Figure l(e). The geometry of
the system was maintained by the struts at the end of the openings :and the
axial and shear loads were applied by a system of jacks and tie rods.

. : fq g (12) . (13)
Cyclic loading tests ?ere pexrformed by Williams ; Meli and
Priestley and Briclgem.:-m(14 , utilizing the cantilever pier shown in
Figure 1(f). Resistance to overturning moment was provided by whatever
internal reinforcement was in the piers. This is a variation of the
internal hold down method used by Scrivener and Schneider.

Recently, Mayes and Clough(ls'IV) carried out an extensive test pro-
gram which attempts to approximate as closely as possible the boundary
conditions of the piers in a complete structure - Figure 1{g). Results of
this test procedure are compared with resulits obtained by other methods in
the present paper.

III. Test Program

The test arrangement depicted in Figure 1(g) was developed to carry
out a major part of an experimental study of the earthaquake behavior of
masonry structures at the Earthquake Engineering Research Center. This
test specimen was chosen because of the realistic manner in which the
boundary conditions of the piers are simulated. Results of these experi-
ments are reported in EERC Report No. 76-8 (V). However, it was recog-
nized tihat these results should be correlated with those obtained from a
simple test procedurs such as could be used in commercial test laborato-
ries for obtaining the shear strength of masonry components. The method
most commonly used to date is the diagonal compression test shown in
Figure 1l({c}.

Some of the theorstical formmlations associated with this test 2

assume that the compressive load P can be represented by a shear force of
P/Y 2 applied on each side of the panel. To investigate the validity of
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this assumption, a modified form of the test set-up was designed (Figure 3
which ensured that the components (F/vY2) of the compressive force P were
transferred to the panel as shear forces. 1In order to compare results
obtained by the three different test procedures, test specimens of each
type were constructed at the same with the same mortar and grout. In total
eight sets of two identical double pier test specimen were constructed and
for each set of large panels at least two "32 x 32" (81 cm x Bl cm) square
shear panels were constructed. All test specimens were constructed from
6" {15.2 cm) wide x 8" (20.3 cm) high x 16" (40.6 cm) long hollow concrete
block units. A short description of esach test set up and a comparison of
the results follows.

III-1. Diagonal Compression Tests

An overall view of the diagonal compression test set up is shown in
Figure 2. Top and bottom shoes to apply the loading were fabricated from
1" (2-5 cm) thick steel angles to form a 90 degree bearing corner which
transferred the vertical compressive force to the panel. A four million
pound University Testing Machine applied the load at a rate of approxi-
mately 8000 pounds per minute until failure. The critical tensile
strength Oyg.s wWas calculated by two methods. The first employed a for-
mula used by Blume (®) which was based on analytic and photcelastic
studies performed by Frocht (24} on a homogeneous sguare panel.

1
Oeer = /2.4221’2 + (c/2)2 - (Oc/2 + 0.8327T) -1.
where O, is the applied compressive stress and T is the assumed shear
stress. T = P/Y21A. Here, P is the applied compressive load and A is
the area of one side of the square — Fiqure 4. The second formula was
used by Borchelt(10) and is based on the simple Mohr's circle approach

= a 2l _ o ’
Teor = /2 G2 - Yoy, . -2.

I1I-2. Modified Diagonal Compression Test ({Simple Shear Test)

In the initial stages of the test program the diagonal compressive
test was the only simple test used to correlate results with the double
pier tests. However, because certain theoretical formulations associated
with the diagonal compression test (10} assumed that the vertical compres—
sive load (P) had shear force components, P/¥2 , acting on each side of
the panel, a modified test set up was developed to satisfy this assumed
boundary condition. The test set up is shown in Figure 3 and is described
in more detail in EERC Report No. 76-16 V1) | Because of the time required
to develop the modified test set up, only one set of double piered test
results has been used for correlation with these results. The
critical tensile strength at failure was calculated by the formula
developed by Borchelt (10)

III-3, Cyclic Shear Tests

Each test specimen was a full scale panel about 15 feet (4.6m) square
consisting of a top and bottom spandrel and two piers as shown in Figure
5. The details of this test program are discussed in a paper presented at
Session TI-64 of this conference (IV), a typical shear mode of failure
in the piers is shown in Figure 6.
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In order to estimate the critical tensile stress of the piers, a point
of inflexion is assumed at the mid-height of the pier (Figure 7) and each
pier is assumed to resist half of the applied shear load. The compressive
load in each pier is modified by the axial forces induced by the overturn=-
ing moment, acting on the panel, as shown in the Figure 7. The shear force
across the width of the panel is assumed to have a parabolic distribution
{18). with these assumptions the critical tensile strength of the double
piers is calculated by the same formula used by Turnsek and Cacovic (18)
which is based on a Mohrs Circle approach at the center of the pier, as
follows

~ . 2 g 2[ O-l _
Cer = J/(l‘ST) + (Te/2) c/2 3.
where T is the average shear stress and O; is the modified compressive
stresgs.

IV, Discussion of Test Results

A comparison of the critical tensile strengths obtained from five
sets of double pier tests with the corresponding critical tensile strengths
obtained from both the diagonal and modified diagonal (simple shear) com-
pression tests is shown in Figure 8. The critical tensile strengths
obtained from the diagonal compression test are calculated from both
Equations 1 and 2. Also included in the results are double piers that
failed in a combination of the shear and flexural modes of failure.

For the simple diagonal compressive test the more exact formulation
of Equation 1 gives the best correlation with the double pier results.
The results cbtained from Equation 2 are approximately 1-36 times greater
than Eguation 1 values, and therefore show corresponding poorer correla-
tion. This indicates the inappropriatness in the theoretical model of the
assumption that, the compressive load P can be considered to have shear
force components P/v¥2. The only two pier results that can be used for
correlation with the modified diagonal (simple shear) compressive test
were from a double pier that failed in a combination of the shear and
flexural modes. Before any conclugions can be drawn about the value of
this method, further tests should be performed to correlate the results
with double or single piers failing in the pure shear mode of failure.

Although this series of tests is limited in number it appears that a
reasonable correlation exists between the critical tensile strengths
obtained from the simple diagonal compressive test (Equation 1) and the
more realistically loaded piers. In masonry research "reasonable corre—
lation" is difficult to define because of the variability of the material.
However, to further evaluate the test methods, it is the authors intention
to continue determining the correlation between the results of the three
test methods in an extensive (80) single pier test program. It is hoped
that when compieted the results can be used to recommend a more realistic
test method for determining the allowable shear strength of masonry. At
present the Uniform Building Code uses a proportion of the uniaxial com-
pressive prism strength (fg ) to estimate the shear strength of masonry.
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Fig. 2 Diagonal Compression Test

Fig. 3 Modified Diagonal Test
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TEST OF THE MODEL OF JOINT BETWEEN FLOORSLAB AND SHEAR WALLS
OF A PRECAST MULTISTORY BUILDING MADE OR PRESTRESSED CONCRETE

by
B. PetroviéI and J, BouwkampII

A full scale model eof a floorslab spanned between two stiff
shear walls by means of prestressed steel wires was tested in
the Institute for Testing Materials of the S.R. Serbia in Belg-
rade with collaboration of the University of California Berkeley.

During the test, the shear walls were rotated by a hydra-
ulic jack, and the angles of rotation and bending moments in
the joints were measured and recorded. The alternating loading
on the model incrggsed in moderated steps untill the very large
rotation of 23.10 * was achieved. A large number of bending mo-
ment diagrams, as a function of the shear walls rotation were
taken, The "Bending moment - Rotation" (M - ¢) diagrams obtained
had a typical bilinear form with an expressive "S" skeleton cur-
ve. The change of stiffness corresponded to the opening of .cracks
between the floorslab and the shear walls and always appeared
with the same rotation value. With opening of the cracks, the
slope of the M - ¢ diagram decreased to 45% of its initial va-
lue. The decreasing branch of the M - ¢ diagram was always pa-
rallel to the increasing branch and the distance between these
always reflected a constant value of M. Also, the "turning" po-
ints of the increasing and the decreasing branchegscorresponded
to the same rotation of the joint namely ¢ = 2.10 °,

Areas under the hysteresis loops were constant and equal
to 13% of the areas under the increasing part of the M - ¢
diagrams, i.e. dissipation_gf energy was constant to the very
large rotations (¢ = 20.10 "), and corresponded to approx. 2%
from critical viscous damping.

Considering the experimental M - ¢ diagram the behaviour
of the model was analyzed using the El1 Centro (E-W) ground ac-
celeration record. Similarly the behaviour of two linear elas-
tic models (using the experimental initial-phase stiffness va-
lues) with 2% and 0% of critical damping were analyzed. Spectral
curves indicated the significantly improved behaviour of the
system considering the actual observed M - ¢ relationship.The
results pointed ocut the fact that amplification depends both on
the form and the area of the hysteresis loop and, also, that
the actual hysteretic behaviour can not be substituted correctly
by a damped linear elastic system.

I Assoc.Prof.Institute for Testing of Materials of the S.R.
Serbia, Belgrade

IT Prof.University of California, Berkeley, California
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ANALYSIS QF EARTHQUAKE EFFECTS ON PIPELINES
by
Graham H. PowellI
SYNOPSIS

A procedure for computing the seismic response of cross-country pipelines
is described, with emphasis on above-ground lines. The procedure accounts for
the effects of initial static loads, support nonlinearity, and out-of-phase
ground motions at different points along the pipe. The idealization assumpt-
ions and theory are described, and the influence of certain parameters on the
response is discussed.

INTRODUCTION

Cross-country pipelines in Artic regions are likely to be placed above
ground over substantial portions of their length, because the =0il deformations
produced by buried lines may be unacceptably large. Analyses of earthquake
effects on above-ground lines involve substantially different problems from
those which arise in analyses of more conventional piping systems. In parti-
cular, the following two problems must be recognized.

(1) The pipeline must be firmly fixed to the ground by anchors at inter-
vals along its length. Between anchors, however, it must be allcowed to slide
cn its supports to avoid excessive restraint cf movements due to thermal ex-
pansion. Hence, the pipe can alsc slide on its supports during an earthquake,
with the result that the dynamic response is nonlinear and governed greatly by
the properties of the supports. Linear dynamic analyses, of either response
spectrur or time history type, are therefore not applicable.

(2) The pipeline extends long distances in plan, and hence different
points on the structure will be subjected to different ground motions. In
particular, the relative displacements between anchors may be substantial at
any instant of time, producing a time-dependent effect similar to a thermal
expansion. Hence, the analysis procedure must take account of out-of-phase
support moticns.

This paper describes a computaticnal procedure and a compuber program for
the practical dynamic analysis of cross-country pipelines. The procedure is
necesgsarily approximate, because of the many unknowns in the prcblem and
because the costs for an "exact" analysis would be prchibitive. However, the
important parameters affecting pipeline respense are ftaken into account, and
the procedure 1s believed %0 be of ample accuracy for use in pipeline design.

STRUCTURAL IDEALIZATION

The following assumptions are made to set up the structural model. (1)
The pipe lies in a single plane (usually horizontal, but vertical if desired).
{(2) The pipe is elastic, tut rests on inelastic supports. The pipe is ideali-
zed as a finite number of beam elements, with masses lumped at the nodes
between elements. The supports are idealized as discrete nonlinear springs,
to represent frictional resistance and the effects of displacement-limiting
stops. (3) Displacements are assumed to be small in compariscn with the plan
dimensions of the system. {4) The system is prestressed by static loads

IProfessor of Civil Engineering, University of California, Berkeley, Californisa,
U.5.4.
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(gravity, thermal expansion and/or pressure) before the earthquake begins.
This is important because initial loads on the supports substantislly affect
the subsequent dynamic response. {5) The ground motion is represented as a
wvave moving past the system with constant velocity.

The analysis can be applied to (a) above-ground configurations subjected
to combined longitudinal and transverse ground motions; (b) above-ground con-
figurations subjected to combined longitudinal and vertical motions {in which
case the pipe may lift off the supports) and also (c) below-ground configura-
tions subjected to longitudinal and transverse motions (in which case the non-
linear springs c¢can represent longitudinal cohesive resistance as well as
transverse soil stiffness). The procedures and computer program details have
been described in reports to Alyeska Pipeline Service Company [1,2]. A
similar procedure has been developed independently by Anderson and Johnston [3].

THECRY

There are three degrees of freedom at each node, namely rotation plus
transiations in each of the X and Y coordinate directions. The mass matrix is
diagonal., At any instant of time, let:

(1) ‘{ra} . {ia} and {53} = vectors of nodal displacement, velocity and accel-
eration, respectively, with respect to a fixed coordinate system (i.e.
absolute quantities).

(2)"{rg}, {fg} and {;g} = vectors of displacement, velocity and acceleration,
respectively, of the ground immediately beneath the corrssponding node.

(3) A{rr},‘{fr} and'{ﬁr} = vectors of nodal displacement, velocity and accel-
eration, respectively, relative to the ground. That is

{rp} = {ra} - {rgl (1)
with similar equations for {r} and {r}.

(4) [M] = diagonal mass matrix, assumed to be constant.

(5) {F.} vector of inertia forces on the nodes, given by
m !
{aF;} = [M] {ary} (2)

(6) [Kp] static structure stiffness matrix for the pipe alone, which is
constant because the pipe is elastic and displacements are small.

(7T) {Fpl = vector of nodal forces due to deformation of the pipe alone, given
by
(8) I[Kg] = tangent static stiffness matrix for the support elements only,

which varies because the supports are nonlinear.

(9) {drg} = increment of nodal forces due to support deformations, given by

{aFg} = [Kgl {ary} (4)
(10) [K] = tangent static stiffness matrix for complete structure, given by
(k] = [Kpl + [X] (5)
(11) [c] = tangent viscous damping matrix, assumed to be given by
[C]=a [M] +8 [K] : (6)

(12) {ar.} = increment of nodsal forces due to viscous damping effects, assumed
to be given by
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{ar,} = [c] {ar.} S

Over s time interval dt, the feollowing dynamic equilibrium equation must
be satisfied. '

{aFg} + {aF.} + {aF,} + {aFg} = {0} (8)
Hence, from Egs. 2, 3, 4 and 7
] {darg} + [C] {ar,} + [Kp] {ar,} + [Kg] ldry} = (0} (9)
and hence from Egs. 1 and 5
[M] {aF.} + [c] {ary} + [K] {ar } = -[M] {a¥z)} - [Kp] {arg) (10)

Eq. 10 can be integrated by step-by-step methods. Equilibrium violations pro-
duced in any step because of the finite step size are compensated for by
applying an out-of-balance force correction in the succeeding step. The pro-
cedure is identical to that used in the DRAIN-2D general purpcse computer pro-
gram for earthquake response of plane inelastic structures [4,5], and is not
repeated here. :

Two different ground acceleration records may be specified, one represent-
ing longitudinal motion of the ground and the second representing transverse
motion. The ground displacement records are obtained by double integration
within the computer program. Each ground motion is assumed to propagate past
the pipeline as a wave with straight wavefront and constant velocity. Any two
points on the greund therefore experience the same motions, but these motions
are out of phase by the length of time required for the wave to travel between
the points. '

{ FACTORS AFFECTING RESPONSE

A typical segment of a large diameter cross-country pipeline will extend
approximately 600m between points of "rigid" anchorage to the ground, and will
have shallow bends in plan %0 prevent excessive stresses developing due to re-
straint of thermal expansion. The pipe will rest on supporis at intervsls,
gnd will be free to slide laterally on the supports. The amount of lateral
movement will be restricted by stops at certain supports, to prevent excessive
displacements during an earthquake. Because the operating temperature of the
pipe will exceed the comstruction temperature, the pipe will typically be
tending to move outwards at the bends, while being restrained by friection
forces. These initial stress effects in the structure have a substantial
effect on the subsequent dynamic dynamic response.

Because the anchors are substantial distances apart in plan, it can be
expected that the ground displacements will differ at adjacent anchors during
an earthgquake, possibly by substantial amounts. This relative anchor movement
may have a substantial influence on the earthquake response. In particular,
if the anchors are assumed to be rigid and infinitely strong, then the computed
anchor reactions may be very high, and anchors designed to resist these react-
ions may have to be massive structures. In fact, however, no anchor can be
completely rigid. Also, it may be a sound design procedure to design the anchors
to have limited strength, sufficiently large to prevent movement uwnder thermal
and pressure loadings, but such as to allew slip during an earthquake. Analyses
have shown that substantial reductions in pipe stresses and forces on the pipe
stops can be preduced by allowing anchor slip, with required slip distances of
the order of 15 cm for severe earthquakes.

In order to understand the computed response, it is important to recognize
that the X and ¥ ground motions exert substantially different influences on
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on the siructure, as follows.

For the case of zero initial stresses in the structure, the Y motions
(i.e. transverse to the pipe) exert a relatively small effect on the pipe.
This i1s because the pipe is flexible transversely, and is supported at close
intervals on supports which can transmit only small forces to the pipe and
which absorb substantial amounts of energy. The effects of Y motion alone
in this situation are therefore small., Also, these effects do not change
much as the wave propagation veloeity changes, because the pipe is flexible
and is insensitive to relative support displacements.

For the case with initial stresses, the effect of ¥ direction shaking is
primarily to relieve the stresses produced by frictional restraint of thermal
expansion. That is, the pipe tends to move outward, to the position it would
adopt if there were nc friction. In this case, there is a tendency for the
pipe to contact the stops, and the stress changes ma2y be more substantial
than for the case with zero initial forces. However, these stress changes
tend to relieve the initial stresses.

The effects of X ground motions {i.e. along the pipe) are quite different
from those of ¥ motions. If the pipe were rigidly anchored snd the supports
all were to move in phase, the stresses produced by the X motions would be
small. However, if there are differences between the X displacements at the
anchors, then effects similar to those of thermal expansion are produced
(except that they are dynamic). The anchor movements in this case tend to
produce substantial cutward and inward movements of the pipe at the bends,
and may produce substantial stop loads and pipe stresses, The effect is
more severe for anchors which are rigid than for anchors in which some of
the relgtive ground displacement can be accommodated by anchor slip. ‘

Space does not allow a more detailed discussion of results in this
paper,

CONCLUSION

The procedure described in this paper is believed to provide a sound
approach for determining the effects of earthquakes on cross-country pipe-
lines. The procedure takes account of the most important parameters affecting
the pipeline response, yet is sufficiently simple and efficient for practical
use. In the author's opinion, it is doubtful whether any significantly
greater accuracy would be cbteined for design purposes by using a more
refined snalysis (for example, accounting for three dimensional effects,
inelastic behavior of the pipe, ete.}.
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PANEL ON DESIGN AND ENGINEERING DECISIONS:
FAILURE CRITERIA (LIMIT STATES) -

- 1

by V. Bertero 1

and B. Bresler

INTRODUCTION

Aseismic design is only one aspect of the design process. In this
process, the designer must establish functional and environmental demand
conditions on a building and acceptable levels of performance under
these conditions. In terms of aseismic design, this requirement calls
for establishing critical design earthquake or earthquékes and corras- -
pondfng acceptable levels of performance or failure criteria. Usually,
this problem is stated in terms of establishing design Toads and their '
critical combinations and in terms of permissible Timits of structural
response under these loading conditions, .

| The establishment of appropriate loadings and their critical
c¢ombinations reduires decisions as to failure criteria and is the most
difficult problem in the design process. One of the major difficulties
1h establishing such loadings and combinations is the uncertainty associated
with predicting future ground motions and that associated with the complex.
behavior of soil-building systems under severe ground motions. An .
additional problem is caused by socic-economic requirements for greatest
safety at a least reasonable cost. In order to optimize a design or to
maximize utility [1], an estimate of economic losses resulting from
failure is required. The term failure as used herein is synonymous with
"inadmissible 1imit states” and includes all modes of undesirable behavior,
from damage to cosmetic appearance to collapse, which may render build-
ings unfit for use [1].

OBJECTIVES AND SCOPE. - Other contributions to the Panel on Design and
Engineering Decisions will deal with problems of optimization, conse-
quences aof failure, and codes. Therefore, the main objective of this
paper is to discuss the failure criteria (inadmissible Timit states) which

1. Professor of Civil Engineering, University of California, Berkeley,
U.S.A.
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should be considered in aseismic'design‘of buildings. After discussing

the principal failure criteria (serviceability and ultimate 1imit states)
"presently used in design, results from surveys and analyses of building
damage during recent eérthquakes are briefly reviewed. These recent
observations indicate that an additional category of limit states related
to damage which cannot be properly assigned to either serviceability
‘failure or inadmissible ultimate Timit states is needed. A discussion of
damageability criteria and possible forms of damageability indices is
included. Observations of damage in recent earthquakes have clearly
indicated that a significant number of existing buildings are hazardous
and may suffer varying degrees of damage even under moderate earthquakes.
The cumulative effects of aging and other sources of possible distress--
such as‘extreme climatic environment,‘wind, and fire--must therefore be
considered in designing new buildings and in evaluating hazards in
existing buildings.

DESIGN BASED ON LIMIT STATES

DEFINITION OF LIMIT STATES. - A1l structures must be designed to sustain
safely all loads and deformations 1iable to occur during construction
and in use, and to have adequate durability during its service Tife. A
structure, or a part of a structure, is rendered unfit for use when it
reaches a particular state, called a "Timit state," in which it ceases
to fulfill the function or to satisfy the conditions for which it was
designed [2]. To define the different limit states, it is necessary to
identify the various events that might lead to some cost of "disutility"
to the occupant, owner, or designer. Tha different limit states are
presently grouped as either serviceability or ultimate 1imit states. The
events normally considered in limit state design and the applications of

limit state philosophy to practical design methods are discussed in

Refs. 2, 3, and 4. The format used in formulating the Timit state design
philosophy encourages the use of probabilistic methods where sufficient
statistical information is available [3,4]. Because of uncertainties
involved in defining the design earthquake, as well as the structural
parameters controlling the mechanical behavior of a building, a

148



probabilistically formulated limit state design philosophy is well-suited
for deVeIopipg aseismic design methods. A logical approach to the aseismic
" design of a structure is that of comprehensive design. '

COEPREHENSIVE DESIGN. - Sawyer [5] discussed a comprehensive design pro-
cedure in which the resistance of the structure to the various failure

- stages is correlated with the probability of the corresponding excita-
tions, so that the total cost, including the first cost and the expected
lTosses from all the 1imit stages, is minimized. Failure of a structure
under increasing Toads generally occurs in successively more severe |
stages under successively less probable levels of load. To illustrate
this point, the relationship shown in Fig. 1 shows the failure stages

versus a monotonically increasing pseudo-static load for a typical
statically indeterminate reinforced concrete building. Due to the
variability of loss for a given load (or the variability of load for a
given loss), the relationship shown in Fig. 1 should be considered as
representing mean values of the random variables involved. The full
redistribution, as shown in Fig. 2, can, in some cases, involve large
variances [6]. ' |

In comprehensive design, identification of the potential modes of
failure requires prediction of the mechanical behavior of a structure at
each significant level of critical combinations of all possible excita-
tions to which the structure may be subjected. Because it is usually
not possible to consider real behavior under the actual critical excita-
tions to which the structure may be subjected, it is common to base
structural design on idealized conceptions of mechanical behavior under
a simplified set of excitations. The sources, treatment, and effects
of the different types of excitations which may be exerted on structures
are summarized in Fig. 3 [7]. The sequence of actions to which a
structure may be subjected often consists of unpredictable fluctuations
in the magnitude, direction and/or position of each of the individual
excitations. The only characteristics that may be estimated accurately
are the extreme values between which sach of these actions will oscillate.
These types of actians have been classified in Fig. 3 as generalized or
variable-repeated excitations.

149



The particular phendmena associated with variable-repeated eXéita-'
tions are classified as Tong-endurance fatigue, low-cycle fatigue, and

" incremental collapse. Long-endurance fatigue is a critical consideration

only in special structures. A review of results regarding low-cycle
fatigue, which is associated with repeated-reversible actions, indicates
that the real danger of these actions is not fracture of the structural .
'material; but deterioration of the stiffness, particularly in the case
of reinforced concrete [7]; Incremental collapse iS associated with
- progressive development of excessive deflections which occur under the
-cyclic applications of different combinations of peak actions. Because
deterioration of stiffness can lead to an undesirable increase in defor-
mations, in examining actual generalized excitations, the effects of
alternating excitations cannot be treated independently, as is usually
done, from those caused by excitation patterns leading to incremental
deformations [7]. |

- CURRENT FAILURE CRITERIA IN ASEISMIC DESIGN

GENERAL GOALS AND CURRENT PRACTICE. - The general philcsophy of earth-
quake resistant design for buildings other than essential facilities

has been well-established and proposed to: {1) prevent nonstructural
damage in minor earthquake ground shakings which may frequently occur

in the service life of the structure, (2) prevent structural damage and
minimize nonstructural damage in moderate earthquake shakings which may
occasionally occur, and (3) avoid collapse or serious damage in major
earthquake ground shakings which may rarely occur. This philosophy is

in complete accordance with the concept of comprehensive design. Current
design methodologies, however, fall short of realizing the objectives of
this general philosophy. Application of the comprehensive design approach
to aseismic design would entail replacing the lcad and load probability
scales by the seismic excitation intensity and intensity probability
scales, respectively (Figs. 1 and 2). Practical application of this
approach is, however, considerably more complex because of difficulties
involved in assessing the relationship between loss and seismic excitation.
According to the concept of comprehensive design, the ideal design is




that which results in the minimum total cost, including possibie 103§es;_
for all limit states. However, this ideal is not an immediate practical

- possibility in actual design. . No practical design method has yet been
developed that satisfies simultaneously all the requirements imposed by |
the different 1imit states. In practice, the most critical limit state
is used as the basis for proportionihg members in the preliminary design;
all other main 1imit states should then be checked through a comprehen-
sive analysis. The advantages of developing a design method based on two
failure stages have been discussed by Sawyer [5], and a design method.
based on two behavior criteria (collapse and Toss of serviceability) and
on four pptimizing criteria has been developed [8]. Application of this
method to the aseismic design of ductile moment-resisting frames seems
feasible and practical [9]. . |

Because current design practice in regions of high seismic risk
focusses on collapse of the main structure as‘the-controlling limit
state, the resulting design must be checked for serviceability require-
ments under normal loading conditions. Examination of building damage
;esuitihg from recent severe seismic ground shaking reveals that although
buildings were far from reaching the collapse 1imit state, the degree of
nonstructural damage was so0 great as to constitute failure. Therefore,
it is desirable to introduce a new group of }imit states based on 7
damageability. Before discussing this need in more detail, the fajlure
¢riteria used in present aseismic design practice should be considered.

SERVICEABILITY REQUIREMENTS. - Although the conditions leading to
serviceability 1imit states under normal loading have been defined in
general terms [2], specific quantitative 1imits have not been adeguately
determined. More practical and consistent quantifications are needed

for determining failure stages of structural and nonstructural components
under all types of service excitations. For example, it has been
recommended that the maximum tolerable drift index for walls be ]fmited
to 0.002 [10]. On the other hand, in the case of seismic loads, the

1976 Uniform Building Code (UBC) specifies a maximum index of 0.00S.
Since seismic forces specified in this code apply to designs at service
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Toad 1evels the UBC value for seismic drift appears to be unconservatlve
when compared to that suggested in Ref. 10.

In quantifying the serviceability 1imit states for seismic excifa-v
tions, it is necessary to determine the building's function and the'Teve1
of excitation intensity under which the facility should remain service-
able. In the case of essential facilities, these should not only be
safe, but they should be functional for emérgency purposes even after
the occurrence of the maximum credible excitations expected during-the
service life of the building. Some quantitative limits for serviceability
requirements for essential facilities are shown in Table 1. Although
the seismic design forces for the different codes considered in this
table are not strictly comparable, the significant differences between
these specified tolerable drift indices indicate the need for more .
thoroughly investigating the degree of damage constituting failure and
corresponding tolerable drift criteria.

ULTIMATE OR SAFETY REQUIREMENTS. - Analysis of the causes leading to
ultimate failure of the building reveals that this can be induced by
different failure mechanisms dcting independently or in combination.
Some of these limit states appear to be extremely critical under pseudo-'
static loads, while they may be negligible under dynamic loads. Under a
sustained pseudo-static overload, for example, the Timit state caused by
transformation of the structure into a mechanism leads to instability of
the whole structure; this is usually not so under dynamic Toading.
Actually, present aseismic design methods are based on the assumption
that large displacements (large ductility) develop after the structure
is transformed into a mechanism. The distinction between pseudo-static
and dynamic effects also applies in the case of ultimate 1imit state
caused by deformation instability.

Failures under Generalized Dynamic Excitations. - Collapse of a structure
can occur as a consequence of "low-cycle fatigue” or "incremental defor-
mations" under excitation intensities lower than those required to induce
instantaneous collapse if these excitations are considered as monotonically
increasing. As pointed out in Refs. 1 and 7, cumulative damage resulting
from a long, strong ground motion, a short main shock followed by a

152



succession of aftershocks, or a combination of the main shock and another
'consequentié1 event or environmental exposure such as fire, can lead to -
. either one of the above two phenomena and therefore merits considerably
more attention that it has received.

Yamada and Kawamura [11] have discussed an ultimate aseismic deSIQn

» h11osophy of reinforced concrete based on Tow-cycle fatigue. This type
of failure is very sensitive to detailing and quality control of materials

and workmanship used in construction. If errors in design or construc-
“tion, or lack of quality control of materials and of workmanship are
‘eliminated, then application of adequate seismic design provisions with
possible further improvements [12], will result in structural designs in
which low-cycle fatigue would not control the design. By detailing the
expected critical regions of different structural members according to
recently proposed seismic code provisions, the energy absorption and
energy dissipation capacity developed under cyclic reversals of defor-
mation will be so large as to resist the energy input of even the

toughest of credible seismic motions. Even under the most severe ground
motions recorded, fhe number of reversals that can occur between

opposite peak deformations having the maximum intensity is not usually
large enough to be of serious concern [12]. It should also be noted

that under full reversals of symmetrically yielding and strain-hardening
or strain-softening structures, the P-A effect is cancelled out (Fig. 4).

Studies carried out at Berkeley [13] have shown that one case
where low-cycle fatigue could control the design involves members that
are used as structural dampers to dissipate energy. One typical example
of such a case is that involving coupling girders in coupled wall
systems [13]. However, failure of these members does not necessarily
lead to complete structural failure. Since these elements act as safety
fuses between two different structural resistant systems, their failure
would lead to a change in the dynamic characteristics of the system '
rather»than to a brittle failure of the complete system.
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A schematic illustration of the incremental collapse, denoted as

| "crawling cbl]apse," is shown in Fig. 5. Recent studies [14] have shown

"that this type of failure can control the aseismic design of structure,

particularly at sites near the source of seismic ground motions contain-

ing severe, long acceleration pu]ses. For example, the study of the

response of a multistory steel frame, optimally designed using a nonlinear
" method, to seismic ground motions derived from those recorded during the

B 1971 San Fernando earthquake shows that the frame will co]lapsé due to

- the type of incremental deformations illustrated by the first story dis-

placement time-history response of Fig. 6. The danger of incremental

collapse is aggravated by the high probability that several aftershocks

of intensities and dynamic characteristics comparable to that of the

main shock will occur. As Newmark and Rosenblueth [1] have pointed out,

- it is not unusual for a structure which is able to withstand a major

shock with visible damage, to collapse during an aftershock.

Although the P-A effect is not a factor in failures due to low-
cycle fatigue, it is of paramount importance in failures of an incre-
mental collapse type. As a structure is deflected away from its original
vertical equilibrium position, the increment in sidesway deflection under
repetition of the same acceleration pulse will increase since the
structure's available net yielding resistance against lateral inertial
forces is considerably reduced by the P-A effect (Fig. 5). Accumulation
of these increasing incremental deflections can lead to an instability
phénomenon under a working load combination (gravity forces plus wind
or minor earthquake). Figure 5 indicates that structural instability
under working Toads‘may be prevented or delayed by a reduction in the
maximum tolerable story drift, by an increase in the yjelding strength
against lateral forces, or by a combination of these two possibilities.
It should be noted, however, that the only advantage in increasing the
initial stiffness without either modifying the yielding strength or
maximum tolerable story drift will be a small increase in the energy
absorption and energy dissipation capacity. Such an increase is
{1lustrated in Fig. 7(a). This figure also indicates that an increase
in initial stiffness without a reduction in tolerable story drift will
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lead to a considerable increase in ductility demands, and, therefore,

- greater strgctqral damage. A reduction in the acceptable story disp1ace#

ment ductility will generally Tower the danger of instability because

such a reduction implies an increase in the required yielding strength

~ of the structure which in turn usually requires a corresponding increase
in the initial stiffness. The end result is a story drift at yielding

| equal to or less than that corresponding to a structure with a lower

yielding strength, and a considerably smaller story drift at ultimate

condition.

The behavior depicted in Fig. 5 suggests the approximate design
method, i1lustrated in Fig. 7, for preventing or delaying the deforma-
tion instability under working load levels. The method is based on ‘the
assumption that maximum tolerable story drift, A?Ax, and story shear due
to lateral working loads, Sg, are known. The total axial force acting on
a story during severe seismic shaking is also assumed to be known since -
it depends only on the gravity forces acting above that story, PS. Two.
different examples of possible inelastic behavior are considered in
Fig. 7. If the mechanism deformation is of a perfectly plastic type, | _
it will be sufficient to draw a 1ine, BO', parallel to OA through point B
[Fig. 7(a)]. If the mechanism deformation of the structural system is
developed with some strain-hardening, it will be necessary first to
locate point B'. Then drawing B'0' with a slope equal to the expected
rate of strain hardening, intersection 0' will give the mechanism yield-
ing strength required, SI’ as shown in Fig.\?(b). Comparison of Figs.
7(a) and 7(b) illustrates the advantage of having a structural system
whose mechanism deforms with some strain hardening.

Experimental results [15] have shown that requirements for pre-
venting instability of structural members depends on the desired level
of ductililty. The larger the tolerable ductility, the more.stringent
the requirements should be. Under loading reversals, when the ductil-
ity value exceeds a certain limit, there is a sudden drop in resistance
against instability, particularly in the case of reinforced concrete
structures.’
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- DAMAGEABILITY LIMIT STATES

LESSONS LEARNED FROM RECENT EARTHQUAKE DAMAGES. - Review of recent
earthquake damage reveals that many buildings which did not collapse
had to be either completely or partially demolished due to the high
amount of nonstructural and structural damage which constituted failure.
~ Numerous buildings whose structural systems did not undergo any signi-
 ficant structural damage, suffered such damage to nonstructural componehts
as to render the entire building unfit for use. As previously pointed
out, most present aseismic design methods focus on collapse (ultimate
strength and displacement ductility) of the main structural system as
 the essential limit state. The main problem in applying such methods

is in establishing the proper displacement ductility value. Selection
of just one value cannot ensure that a structure will be safe and
economical or that damage will remain within acceptable Timits in all
cases.

Although it is generally recognized that the most important
single cause of damage is deformation, the types of deformations pri-
marily responsible for damage to nonstructural components remain unclear.
It has been argued that while lateral displacement ductility factors:
generally provide a good indication of structural damage, they do not
adequately reflect damage to nonstructural elements [16]. Nonstructural
damage is more dependent on the relative displacements (interstory |
drift) than on the overall Tateral displacements. Aseismic design
methods must incorporate drift (damage) control in addition to lateral
displacement ductility as design constraints. Story drifts and drift
ductility factors may also be useful in providing information on the
distribution of structural damage, although conventionally computed
story drifts are unreliable indicators of potential structural or non-
structural damage‘to multistory buildings. In some structures, a sub-
stantial portion of horizontal displacements results from axial defor-
mations in columns. Story drifts due to these deformations are not
usually a source of damage [Fig. 8(a)]. A better index of both struc-
tural and nonstructural damage, particularly for frames tightly infilled
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with partitions, is the tangential story drift index R. As schematica]iy
indicated in Fig. 8(b), this index is used to measure the shearing dis-
tortion within a story. For the displacement components shown in Fig,
8(c), the average tangential drift index is equal to R = (u3 - u1]/H +
(ug + ug - up - uy)/2L. o

Glogau [17] discussed the different types of deformations that
could cause damage to nonstructural elements as well as formulated
different damage control strategies. Broad damage mitigation strategies
have also been discussed by Kost and associates [18].

DAMAGEABILITY. - Establishment of a proper failure criterion based on
damageability requires development of a methodology for damageability
as an inadmissible 1imit state under extreme (potentially catastraphic)
environmental hazards of the whole building rather than that of the bare
structure. Similar to other failure criteria for aseismic design,
damageahility 1imit states depend on the type of ground motions being'
generated. Not only should the intensity of these excitations be con-
sidered, but their general dynamic characteristics and their combina-
tions with loads resulting fram gravity forces and environmental effects
should be accounted for. Damageability limit states can be considered
as a category that bridges the gap between serviceability and safety
against collapse. Although the primary'causes of ddmageabi]ity with
which we will be concerned are due to significant overexcitations (large
deformational hehavior of structural and nonstructural components},
effects of service excitations on damageability should not be ruled out.
Inadmissible 1imit states are usually described in terms of 1imiting

the levels of structural response, e.qg. maximum displacement, crack
width, forces and moments. Although such structural responses may be
related to the risk of life-loss, injury, and to economic losses
resulting from damage, the relationship of structural response to
damage and to socio-economic 1osses has not been clearly established.

To facilitate the establishment of such a relationship, it is proposed
to define indices of damageability for a given load or environment
exposure history which can be used as an indicator of a 1imit state
condition.
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DAMAGEABILITY CRITERIA. - In considering damageability, three generéf
types of damage must be distinguished: (1) local damage - limited to
one or several typical elements; (2) global damage - overall damage in
a particular event related to the total building; and (3) cumulative
damage - overall damage resulting from a series of events, such as
strong earthquakes fo]ToWed by a series of aftershocks, or by other
consequential or independent events such as fire, or some other combi-
nation of normal and catastrophic events.

Physica] damage to both structural and nonstructural components
is related to structural response characteristics. Recent advances in
methods of structural analysis for compliex nonlinear behavior under a
" variety of dynamic load conditioﬁs as well as under fire [19-21] and
'other environmental exposures provide a basis for investigating damage-
ability. One problem encountered in these investigations invalves the
proper modeling of nonstructural components to study their interaction
with structural models. Because there are no reliable data on the actual
mechanical behavior of these components, it will be necessary to study
the type and amoﬁnt of deformation and/or forces that are required to
produce different levels of damage in masonry, wood panels, gypsum
boards, glazed openings, equipment, etc. Another difficulty in realis-
tically assessing structural response and potential damage in existing
structures subjected to earthquake is in properly evaluating the current
state of the building at the time of the earthquake. Such evaluation
involves considering the effects of (1) previous exposure to ciimatic
environment (thermal changes or shrinkage), causing a state of residual
stress or distress, and deterioration in structures due to aging and
corrosion; (2) degradation in strength and stiffness caused by preVious
exposure to high winds, fires and/or earthquakes; (3) other disturbances
-or movements of the foundation; and (4) changes in strength and stiffness
due to alterations, repair, or strengthening. Because any one of these
conditions can significantly alter structural response, one of the
problems that must be included in the study of damageability is the
effect of variations in load and environmental histories, and the
residual conditions in the structure (fesidual stress, cracking,
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| corrosion, and other changes in stiffness or strength of the materiaTS)f
Once the "present state" of a building has been properly assessed, and
~ the mechan{EaT (or mathématica?) model is clearly described in terms of
the intensity and characteristics of the ground motion, the response of
a building (structural and nonstructural components} can be determined.
, A general evaluation framework, which is based on a sequence of basic
procedures starting with the simplest models and employing more complex
models as needed to achieve desired reliability, has been formulated
[22]. This procedure is referred to as "screening." '

Several procedures for evaluating earthquake safety of existing
buiidings were proposed following the 1971 San Fernando earthguake and
have since been incorporated into practice [23]. These methods fall
into two general categories. The first includes procedures which may
be found in mandatory regulations, the second, proposals which focus on
methodology and are published as technical reports or papers. These
methods do not, however, address the problem of'g?obal‘or cumuylative
damage, nor do they brovide avmeans for including nonstructural damage
in an overall assessment of damageability.

DAMAGEABILITY INDICES. - An index of local damageability, Di’ for a given
element i in a building exposed to a specified load or environmental -
exposure is defined here as the ratio of building response demand for
this element (di) to its corresponding resistance capacity (Ci) that
is, Di = di/ci’ where capacity C; is the limit value for building
response without damage. Both structural and nonstructural elements
should be considered in evaluating damageability index Di‘ For the
design of new buildings, values of di and c; must consider randomness
in loading demand as well as in "as built" condition determined by
quality control during construction. With properly de?ined values of
d; and c;, damage will occur when Dy > 1; when Dy < 1, no Tocal damage

should occur, and in this case, Di

should be assigned a value of zero.

Overall or global damageability index Dg may be defined as the
sum of nonzero values of Dss including structural and nonstructural
components which might be damaged in a particular event of extreme
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exposure. Values of D must be weighted by an appropr1ate importance:
- (1ife hazard, cost, etc ) factor, P;» as Dg Ep .D.. The sum is taken

over n damageable elements, 1nc1ud1ng both structural and nonstructural
components. Index Dg should be normalized to Dg in order to use the

latter for comparing two buildings or two alternate designs of the same
building. Several possible ways to accomplish this normalization should

be explored. Far example, ﬁé may be defined as ﬁé Dg/zp s Or more
appropr1ate1y as D_- Dg/Zp » where n is the number of damageable elements,.
m is the total number of elements {both damageable and nondamageable), and
Zp reflects some overall current value of a building.

The cumu1at1ve damaueab111ty 1ndex,'D s may be defined as the
sum of nonzero values of p101’ including structural and nonstructural
components which might be damaged as a result of a specified sequence

of events, for example, fire exposure, repair of fire damage, strong
earthquake, with specified strong aftershocks. Such factors can be ,
taken into account in evaluating local damageability by introducing
service history influence coefficients n, (for demand) and X5 (for
capacity), which are also influenced by the randomness of these
influences. Then D% = "idilxici’ where D% is _the current nonzero local
damageability index which accounts for the assumed service history of
~a building. If N is the number of damageable compcnents in such a case,
then Dc = ﬁpini. Normalized value ﬁ; can then be expressed as ﬁ; = Dclgpi.
For old buildings, evaluation of the damageability index is further’
complicated by the significant influence that the service history of a
building may have on the values of both demand and capacity (either
increasing or decreasing these values), due to such factors as aging,

" change in use or occupancy or in socio-economic conditions (which would
affect p; values), structural and nonstructural medifications, fire damage
and repair, corrosion, etc. The same problems exist for new buildings,
due to the uncertainties associated with predicting future earthquakes.

~ Then D! = Zp D} and D} = Tp:iDi, where p; is the current importance factor
{which may d1ffer from thg factor Ps USed in the original design).

Normalized values of Dé and Dé for ex1st1ng buildings can be defined
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similarly to-ﬁé'and 5; values for new buildings. The larger the value

of D or D', the greater the overall damageability index of a building.
When D or D' exceeds some specified limit value, the damageability risk
is too great and the building should either be redesigned or strengthened,
or demolished. o

DAMAGEABILITY AS FAILURE CRITERION. - The general philosophy of develop-
ing a method and criteria for assessing damageability has been presented,
but the methodology for evaluating the different damageability indices

are sti1l undergoing development [23]. One of the main problems encoun-
tered in developing such methodology is in defining reliable procedures
for c?]culating the values of dis € Py» Nys X4 and pi. Quantification
of damageability limit states will require extensive investigation of

the mechanical behavior of nonstructural elements, or, what Kost et. al.
[18] have termed, EFS (enclosure, finish, and service systems) components.
With the findings from such studies, it will be possible to develop a

conceptual model for analyzing the dynamic behavior of entire soil-
structure systems. Implementation of the model in damageability limit
state studies will enable guidelines for assessing failure criteria in
aseismic design to be formulated.
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TABLE 1 LATERAL INTERSTORY DRIFT INDEX LIMITATIONS
FOR ESSENTIAL FACILITIES

U.S. VETERAN (2) " NEW ATC-3 MEXICO FEDERAL NEW .
- ADMINISTRATION | 1976 UBC PROPOSAL('l) DISTRICT(}) ZEALAND(1)

HosprtaLs(!)

0.0078 0.005 | o0.01 .| 0.08 0.006¢¢?

0.0026(%) 0.01(P) 0.01(¢)

- (1) Maximﬁm'value considering inelastic deformations.
(2) Maximum value based on code prescribed forces at service level.
{a) For glazed openings. |
(b) .Eqdipment must remain in place and be functional.
(¢) When ronstructural components are not separated from the structure.

(d) When nonstructural components are separated from the structure.
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‘Dynamic Tests on Structures
(Theme Report)
by

Joseph PenzienI

SYNOPSIS

Presented is a brief report on the thirty papers assigned to TOFIC § -
DYNAMIC TESTS ON STRUCTURES. While some coverage is given in these papers to
experimental techniques, including certaln recommendations for improvements,
they generally concentrate on the interpretation of dynamic test results in terms
of structural performance under seismic ceonditions. The tests were performed on
real buildings, test buildings, building frames, water tanks, chimneys, dams,
and a suspension bridge. Some general overall observations are made regarding
the content of these papers and certain recommendations are given for future
testing.

OBJECTIVE

The main objective of conducting dynamic tests on structures is to improve
and verify mathematical meodelling whiech is intended to realistically represent
prototype behavior under seismic conditions. Therefore, such tests must concen-
trate on obtaining dynamic response characteristiecs of complete structure-founda-
tion systems, including force-deformation, energy absorption, and fzilure charac-
teristics. Ultimately, the objective of performing dynamic tests on structures
is to improve seismic resistant designs and, through analyses, to verify that
adequate levels of safety have been provided. '

EXPERIMENTAL TECHNIQUES

Various types of dynamic excitation were used in the test programs reported
including embient ground motions, microtremors, wind, impact, mechanical vibra-
© tion, hydraulic actuator forces, shaking table motions, and strong seismic ground
motions; thus, the dyneamic forces imposed varied greatly in their time-history
characteristics, spatial distributions, and intensities. Dynamic force-deforma-
tion characteristics were cobtained through standard measurements of force, displace-
ment, velocity, acceleration, and strain which, when combined with visual obser-
vations, provided the means for determining failure characteristics. Correlation
cf test results with analytical predictions were made using well-known methods of
dynamic analysis. Recently developed Fast Fourier Transform techniques aided
greatly in this effort.

The on-line system described in paper No. l* represents a significant new
development in controlling dynamic testing. When testing with hydrsulic actuators
using displacement electronic control, this-system allows the displacement com-
mand signals to be consistent with the test structure's response to a preseribed
earthquake excitation; thus, the command signals are coupled to the actual force~
deformation characteristics of the structure being tested. While this on-line system
has been applidd to only a single actuator case, its use could be extended to multi-
actuator applications.

I professor of Structural Engineering, University of California, Berkeley.

* See Listing of Pages
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As pointed out in paper No. 2, 2 need exists for developing improved
measurement techniques for dynamic testing. Laser displacement measurements,
photogrammetry, and telemetry were fechniques mentioned which could assist in
this development. Whatever techniques are used, it is important to know the
possible quantitative errors present in experimentel results. As pointed out in
paper No. 3, regression analyses can be used for this purpose.

TEST RESULTS

A. REAL BUIIDINGS

1. General - Papers Nos. 4 and 5 present results of dynemic tests per-
formed on numerous buildings in Japan. Without identifying specific buildings,
quantitative results showing dynamic response characteristics for different
classes of buildings and foundation conditions are given.

Using test data from vibration measurements on many high-rise buildings
under ambient, forced vibration, and actual earthquake conditions, the authors
of paper No. 4 obtained natural periods of vibration and equivalent damping
ratios for translational and torsional modes by applying Fourier analysis tech-
niques to the motions measured at numerous floor levels. Although these results
have wide scatter, the general trends show the damping ratio to be inversely pro-
portional to period of vibration (except in the long period range) and to be con-
siderably less for the fundamental mode than for higher modes. The approximate
relationship between fundamental period T, and its damping ratio h was found
to be h = 0.0h/Tl and h = 0.02/T; for sof% and hard soil conditions, respectively.
Tt was concluded by the authors that for analysis purposes the mechanism of
equivalent viscous damping for buildings should be coupled tc a mechanism repre-—
senting foundation damping under rocking conditions. Combining these two mecha-
nisms, their analytical results correlated well with experimental results.

In paper No. 5, the authors present the results of vibration tests carried
out on 18 tall buildings to obtain periods of vibration and equivalent damping
ratios and they present similar results obtained by analyzing the measured re
sponse of 11 tall buildings during earthquakes. The vibration tests showed the
relationship between fundamental period T, and number of stories N to be approxi-
mately 0.06N<T1<G.10N and 0.03N<T,<0.0€N for steel frame buildings ard for rein-
forced concrete and reinforced concrete-steel composite frame buildings, respec-
tively. On the average, the second and third periods cf vibration were related
to the fundamental period as given by T, = 0.33T; and T5 = 0.19T;, respectively,
for all construction types. The fundamental torsicnal period Tp was found equal
to 0.8T; on the average but in some cases it was.found to be nearly equal to T.
The damping ratios for the modes in general were found to be in the ranges
.005<h<. 020 and .015<h<,060 for steel frame buildings and for reinforced concrete
and reinforced concrete-steel composite frame buildings, respectively. From the
results obtained for the 11 buildings subjlected to earthquake excitations, it
was found that the fundamental periods had incressed by about 13 percent over
their corresponding values obtained from vibration tests. These longer periods
due to the higher response (10 - 50 times) produced by earthquake excitation over
the response developed by mechanical excitation, indicate that buildings generally
act as nonlinear softening systems. '

2. 0Oak Center Towers Building - Paper No. 6 presents the results of forced
vibration tests carried out on the Oak Center Towers, an zleven-story reinforced
masonry building located in Cakland, California. It is constructed with rein-
forced concrete block shear walls and prefsbricated prestressed concrete slab
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floor elements. The foundation consists of spread footings under each shear
wzll. Mode shapes, frequencies, and damping ratios were obtained from the

test results. All of these quantities were significantly affected by founda-
tion and in-plane floor flexibilities. The fundamental itransverse frequency
{2.78 cps) was found to be nearly equal to the fundamental torsional frequency
{2.83 eps) showing considerable coupling between these two modes. The damping
ratios in the varicus modes examined were in the range 2 to 9 percent depending
upon the relative importance of foundation damping. Consistent with this obser-
vation, damping was much higher in the fundamental transverse mocde than in the
second transverse mode. Analytical predictions of shapes and frequencies for the
first and second modes correlated well with experimental results but large dis-
crepancies were found in these same correlations for higher modes.

3. Millikan Library Building - Paper No. 7 presents the results of forced
vibration tests carried out on the Millikaen Library, a nine-story reinforced con-
crete building located on the campus of the California Institute of Technology
in Pasadena, California. During the tests, closely spaced three-dimensional
measurements of the motions on many floors were recorded along with selected strain
measurements. This extensive set of measurements permitted a close examination of
the deformation patterns produced; thus, providing valuable information on the
type and amount of interaction between the various structural elements, e.g.,
between frames and shear walls, between structural and nonstructural systems, and
between building and foundation. The shear walls were observed to act much like
Euler beams with shearing deformations inciuded and the foundation was observed
to contribute significantly to the flexibility of the overall structural system
{4 and 25 percent of the roof translation in a fundamental mode were produced by
translation and rotation of the basement slab, respectively).

4, Ralph M. Parsons Building - Paper No. T also presents the results of forced
vibration tests carried ocut on the Ralph M. Parsons Company World Headquarters
building, a twelve-story steel frame building located in Pesadena, California.

Like the Oak Center Towers building, the test results show strong interference

or coupling between translational and torsional modes.  The authors indicate that
such coupling could produce stresses T5% higher in outer columns than would be pro-
duced with purely uncoupled translational motion and they properly guestion whether
or not codes adequately previde for such a possibility. Similar to many buildings,
the Ralph M. Parsons bullding responds with large interaction between structural
and nonstructural systems under small-amplitude test conditions. It was found

that this interaction appreciably lncreased the frequencies of the first three
translational modes in the N-5 direction. As pointed out by the authors, this
strong interaction would undoubtedly be greatly lessened under large-amplitude
seismic conditions, i.e., the building would act as a nonlinear softening system.
The damping ratios for the various modes were found to be in the range 2.5 to 6.5
percent of critical; thus, showing considerable scatter and influence from the
interaction of structural and nonstructural systems.

5. Jet Propulsion Laboratory Building 180 - Paper No. 8 presents the re-
sults of forced vibration tests carried out over a period of 12 years on Building
180 of the Jet Propulsion Laboratory, Pasadena, California, a nine-story steel
frame structure supported on continuous strip footings. The results obtained re-
veal the variable nature of the building's dynamic characteristics over that period
due to changes in mass and stiffness distributions. Using natural freguencies
measured upon completion of the steel frame and the corresponding frequencies
measured later upon completion of the building and considering mass changes due to
the addition of materials (concrete to columns, fireproofing of girders and trusses,
air conditioning, windows, facing, etc.), it was determined that the building's
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overall stiffness had increased over this final thase of construction by factors
of 1.75 and 1.45 in the N-S and B~W directiohs respectively; thus showing the
large influence of the nonstructural system on overall stiffness. Later during
the San Fernando, California, earthquake of 1971, measurements of the building's
response indicate that these same overall stiffnesses decreased during the earlier
part of the motion by factors of 1.69 end 1.51, respectively, showing nonlinear
softening behavior. Subsequent repair resulted in the building regaining some

of its stiffness lost during the earthquake. All of the above changes in stiff-
ness emphasize the difficulties in arriving at realistic mathematical models for
buildings.

B. TEST BUILDIKGS

l. Reinforced Concrete Frame Buildings - Results of vibration tests on a
full-scale four-story reinforced conerete test building having no nonstructural
elements located at the Nevada Test Site of the U. 5. Energy Resesrch and Develop-
ment Administration are reported in paper No. 9. Using a large mechanical vi-
brator capable of producing force amplitudes up te 5,500 kg at frequencies greater
than 1.6 I, amplitudes of response were developed sufficiently large to produce
major damage, i.e., spalling of concrete on columns and yielding of reinforcing
steel, TInitially, nondestructive tests were performed, exciting 4 translational
modes in the elastic range. Next, by exciting the structure at its lowest mode
frequency, a destructive test causing major damage was performed. Finally, post-
destructive tests at force amplitudes comparable to the nondestructive tests were
carried out. During the initial nondestructive tests, the period of the lowest
mode increased about 25 percent from low to high amplitude conditions and the
correspending damping ratio increased from 1.25 to 1.75 percent of critical; thus,
showing a slightly nonlinear softening system. This same fundamental mode showed
an increase in period by 60-T0 percent with a corresponding increase in damping
ratio to U percent of critical from the non-destructive to post-destructive state.
During the destructive test, the fundamental mode period increased from 0.52 seconds
in the elastic range to 0.90 seconds in the range of major damage with correspond-
ing changes in the damping ratio from 2.2 to 5.5 percent of critical.

Paper No. 10 presents the results of static and shaking table tests on a 1:3
scale model of a rectangular five-story reinforced concrete building having b rigid
frames in each horizontal direction with precast concrete floors. This building
was tested in a bare state, i.e., without any nonstructural elements. Four suc-
cessive static monotonic loadings were applied at the fifth floor level (1) an
initial loading in the elastic range, {2) a loading following shaking table tests
which produced micro-cracking, (3) a loading following shaking table tests which
produced major cracking, and (4) a loading following shaking table tests which
produced major damage in the vicinity of beam-column joints. Stiffness degrada-
tion by & factor of 3.8 was noted from the initial elastic loading to the final
loading prior to reaching a collapse state. In the shaking table tests, damping
ratios were found to range from less than 1% in the uncracked condition to a maxi-
mum of about 3.5% for amplitudes of response near failure. Undoubtedly, these
damping ratios would have been much higher had typical nonstructural elements been
added to the building. Consistent with observed reductions in stiffness, large
increases in the natural periods were measured. Failure characteristics were
noted by observing the development of major cracking in the viecinity of the beam-
coilumn joints.

Using the results of shaking table tests on & 1:3 scale model of a five-story

prefabricated reinforced conerete huilding, the authors of paper Wo. 11 made com-
pariscns with the results obtained analytically using a mathematical mcdel which
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assumed rigid floors in their own plane. This assumption was shown to be in- ‘
correct and that floor flexibility greatly influenced the distribution of lateral
shear to the transverse frames. In fact it was shown that for this structure a
central frame would carry 1.5 to 2 times the load it would be required to carry
if the floors were indeed rigid in their own plane.

2. Small Brick Buildings - In paper No. 12, a tilting platform 8 £t x 8% ft
was used to test the lateral resistance of 9 pairs of brick structures 4 ft x 6 ft
x¥ 31 in. high, one brick thick, laid in 1:5 lime-sand mortar, sand, mud, and no
mortar at all. A 1350 1b roof slab rested on foam rubber on the walls. The table
was then mounted on wheels and pulsed horizontally to attempt to relate building-
strength under repetitive pulses tc strength under static tilt. Building per-
formance under static tilt was quite consistent while performance under pulse
loading showed wide scatter. The two kinds of tests produced similar patterns

of failure in the mortared buildings; however, the unmortared buildings were more
vulnerable %o the pulse type excitation.

c. TEST FRAMES

1. Reinforced Concrete Frames - The results of hydraulic actuator displace-
ment control tests simulating earthquake conditions on 4 one-story reinforced con-
crete frames having different natural periods of vibration are given in paper No. 1.
Using a mathematical model based on the authors' fully defined hysteretic stress-
strain relationship for concrete and the Ramberg-Osgood stress-strain relationship
for reinforcing steel, good correlations were obtained between analytical predic-
tions and experimental results.

2. Reinforced Concrete Shear Wall-Frame Structures -~ Paper No. 13 presents
the results of shaking table tests on (1) a pair of three-story one=bay reinforced
concrete frames, and (2) a similar psir of frames built monolithically with a three-
story slender shear wall. ©Scaled earthquake motions in one horizontal direction
were applied with the intensity of the first test run (for 3 specimens) being roughly
comparable to the intensity of a design earthquake. The intensities of motion
were doubled with each successive test run until failure of the specimen occurred.
‘The test results show that reinforced concrete frame structures (with or without
shear walls) can withstand very intense earthquake motions provided they are care-
fully designed to prevent diagonal shear failures., anchorage failures, and brittle
compressive failures. Thus, it is important that columns have a2 sufficient web re-
inforcement to develop the maximum possible shear controlled by end moment capaci-~
ties and that the exterior columns be designed to carry the additional axial forces
caused by overturning effect without brittle compressive failure or tensile fracture
of the reinforcement. .

3. Infilled Reinforced Concrete Frames - Results of shaking table tests on 8
models consisting of two parallel 1:4 scale three-story brick infilled reinforced
conerete frames are presented in paper No. 14, These models differed only in geo-
metry of door and window openings and in bracing around openings which consisted
of vertical and horizontal lintels. A concrete block was supported at the top of
each specimen to simulate building weight and vertical prestressing cables were
used to reproduce axial siresses in the frame columns., Each gpecimen was subjected
to seismic exeitations of sufficient numbers, intensities, and duraticns to simu~
late the lifetime seismic enviromment of the prototype structure. The test results
showed that good performance can be achieved provided favorable interaction between
frames and infill walls is developed through proper confinement around openings.
Such confinement can be obtained using both vertical and horizontal reinforced
lintels carried through and connected to beams and columns of the frame,
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regpectively. Using finite element modelling, the authors found good correla-
tion between analytical predictions and experimental results, even for response
into the cracking stage.

L. Reinforced Concrete Frames With Partition Walls - Subjecting 1:6 scale,
one-bay, three-story, reinforced concrete [rame models, with and without par-
tition walls, to free vibration and harmonic base excitation, the author of
paper No. 15 found thet partition walls appreciably affect dynamic response. There-
fore, their stiffnesses should be considered in mathematical modelling of the com-
plete structural system.

5. Steel Frames - The resulis of cyclic loading tests on single rectangulaf
steel rigid frames having various kinds of bracings are presented in paper No. 16.
Subjecting the two columns of each frame to constant loads, pairs of self-equili-
brating loads are alternately applied diagonally acrogs the frame producing the
desired cyclic loading. The elasto-plastic behavicr of each frame, including post-
yield buckling of bracings, is measured and correlated with analytical prediections.
Examining high-strain fatigue life shows 1t to be relatively shorter for braced
frames over unbraced frames.

Paper No. 17 presents the results of tests carried out on one-story, single-
bay steel rigid frames having joints of different types. It was pointed out that
if the zones of plastic deformation should include joint welds, the failure of the
frame will often be caused by early fracture in the welds; thus greatly reducing
the duetility of the overall system. To avoid such failures, it was shown that
tapered sections near the joint forcing the plastic zones of deformation away from
welds were effective. However it was shown that when using tapered sections, proper
strength and ductility is achieved only when premature local buckling in flanges and
webs and overall buckling of columns are presented. The importance of providing
adequate strength and ductility in design is emphasized.

The results of monotonic unidirectional static loading of spatial one-story
‘mild-steel frames are given in paper No. 18. Due to the nonsymmetrical arrange-
ments of 3 pipe columns, eccentricities were present which caused torsion and
translation in two horizontal directicns to occur. Such results are simply a re-
minder that proper consideration should be given to the effects of eccentricities
on dynamic response. As pointed out in paper No. 19, consideration should alsc be
given to the influence of interconnecting mewbers on the combined stiffness of
parallel plane frames.

D. WATER TANKS

The geismic performance of a water tower, consisting of an inverted truncated
shell supported concentrically on a cylindrical column, is digdussed in paper No.
20. Tests were performed to study the sloshing problem and its influence on fluid
pressures and stresses in the coniecal shell. The total coupled seismic response
of the fluid-tower system with a eritical volume of water is examined at amplitudes
of response up to failure. Clearly, the dynamiecs of the fluid system greatly af-
feets overall tower response under seismic conditions and therefore should be con-
sidered realistically in design, not only in sizing of struectural elements but also
in the earlier selection of overall tank geometry.

E. CHIMNEYS

Results of an analysis of the seismic behavior of the chimney of the TVA 1200
MW fossil steam generating power plant, Unit 3, at Paradise, Kentucky, are presented
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in paper No. 21. This chimney consists of two tapered concentric cylindrical
shells having no significant structural inter-connections. Time-histories of
tip deflection, base shear, and overturning moment were obtained by modal analy-
sis using various values for damping retios and using the N-S component of the
1940 Fl Centro, California, earthquake as input., Also using a refined quadri-
lateral plate element modelling, stress distributions around flue openings were
obtained. It is clear that such analyses which are straightforward, would be
very useful if carried out during the design phase. The first three mode shapes
and frequencies. of the chimney were measured and were found to agree well with
the results of analysis.

F. DAMS

Paper No. 22 describes a field test program being conducted by the Italian
National Board for Electric Power to obtain the dynamic characteristics of the
most important Italian dams. Using mechanical vibrators, shapes, frequencies,
and damping ratios for at least four modes are measured and, by placing a vibrator
at discrete locations on the crest, transfer functions between force input (maxi-
mum amplitude 10 tons; frequency range 2-15 H,) at each point and velocity re-
sponse at discrete locations are obtained. These transfer functions are then
correlated with those of a finite elsment model with the intent of verifying and
improving mathematical modelling. Damping ratics were found in the range 1 to 3
percent for arch dams and in the range b to 8 percent for gravity dams with no
noticeable variation with mode number. Reservoir-dam interaction has been found
to be important and is still being investigated.

The results of forced vibration tests on 2 earth-fill and 2 rock-fill dams
in Yugoslavia are given in paper No. 23. Measured mode shapes, frequencies, and
damping ratios are used to develop realistic mathematical models for low amplitude
response. Dam-foundation interaction and, in some cases, reservoir-dam interaction
were found important and should be included in mathematical modelling. Damping
ratios were found to be highly wvariable in the range 2 to 9 percent.

G. SUSPENSION BRIDGE

Mode shapes, frequencies, and damping ratios for the Lion's Gate Suspension
Bridge in Vancouver, Canada, as measured under ambient and impact lcading condi-
tions, are presented in paper No. 24.  Using both continuum and discrete mathemati-
cal models, excellent agreement between measured and calculated frequencies for
vrertical modes and the lowest horizontal mode wag obtained. Some difficulty was
experienced however in obtaining good correlation for torsional modes, apparently
due to inaccurate evaluations of the bridge girder's torsional stiffness. The
measured low-amplitude damping ratics varied greatly over the range 0.3 to 1.6
percent.

OVERVIEW OF TEST PROGRAMS
A, GENERAL

As stated previcusly, the main objective of corducting dynamic tests on
structures is to improve and verify mathematical modelling which iz intended to
realistically represent prototype behavior under seismic conditions. Consistent
with this objective, dynamic tests have been carried out on small, medium-, and
full-scale components, assemblages, and complete structural systems using various
types of excitation.
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B. SMALL~SCALE. TESTS

Obviously for economic reasons, the use of small-scale models for dynamic
testing should be encouraged whenever the results obtained permit, either direct-
ly or indirectly through analysis, realistic predictions to be made of prototype
performance under seismic conditions. Such is the case when modelling structural
systems which are designed to remain essentially elastic during strong motion
earthquakes. Prototype response can be predicted directly from the test results
in this case provided similitude conditions as discussed in papers Nos. 25 and 26
are met and provided realistic boundary and loading conditions are maintained.
These latter conditions can be maintained effectively through the use of modern
electronically controlled shaking tables of the type described in paper No. 27 on
which models, ineluding boundary elements (e.g., a three-dimensional dam including
portions of foundation and abutments), are mounted.

Since gravity and seismic forces scale differently, a centrifuge can be used
to modify the effective gravity forces; thus, bringing into agreement the asso-
ciated similitude conditions. The small-scale simple oscillator models made of
different materials and the nine~story large-panel dwelling models described in
paper No. 28 were tested within a centrifuge for this purpose snd were subjected
to similated seismic exeitations. This particular investigation was carried out
to study the influence of foundation conditions on response. It was found, as
in other investigations, that both damping and fundamental period of vibration
increased substantizlly when changing from hard to soft foundation conditioms.

Examples of struectural types designed to remain essentially elastic during
strong motion earthquakes are arch and arch-gravity dams as described in paper
No. 29, Optical techniques were used extensively in this investigation to mea-
sure mode shapes, frequencies and dynamic stress distributions.

The use of smali-scale models for testing infto the inelastic range is very
limited due to extreme difficulties in interpreting prototype behavior from the
test results. Paper No. 26 discusses the basic principles which must be adhered
to when modelling in the inelastic range. These principles require the develop-
ment of new modelling materials with specified properties which, in many cases,
are very difficult to produce. Therefore, it is impossible to assess the future
success of small-sceale testing into the inelastic range of response. Undoubtedly,
it will be quite limited, thus greater emphasis should be placed on medium and
full-gcale testing. )

C. - MEDIUM-SCALE TESTS

One approach to mathematical modelling of prototype structural systems is to
combine sub-element models representing individual structurzl components and/or
agsemblages into global models representing complete systems. Therefore, much
dynamic testing has been carried ocut on medium-scale structural elements and
assemblages for this purpose. Once the force-deformation and failure characteris-
tics of these sub-elements have been defined in terms of loading and structural
parameters, these same characteristics are supposedly fully defined for the global
models. Unfortunately, in some cases, extrapolation of medium-scale test data to
the prototype structure is questionable. Further, realistic representations of
the many complex interactions (e.g., between frames and walls, frames and floors,
super-structure snd foundation, structural and nonstructural systems) in the pro-
totype model are still very uncertain. Although this apprcach to modelling pro-
totype structures through medium-scale testing has many deficiencies, it must
continue due to the severe limitations of small-scale testing and the high cost
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of full-scale testing. To implement this approach, the development of effective
and efficient three-dimensional nonlinear dynamic analysis procedures must con-
tinue as well.

D. FULL-SCALE TESTS

Establishing mathematical models for prototype structures through testing
of full-scale structures has the distinet advantage that the uncertainties in-
volved in extrapolating dynamic characteristics from one scale to another are
removed. If these full-scale structures are only test struetures, the validity
of using the test results directly in characterizing prototype structures depends
on the degree to which the test structures actually represent real structures.
For example, if a full-scale building is tested without a nonstructural system
(fire proofing, partitions, windows, facings, etc.), its dynamic characteristics
can be very different from the protoiype structure it represents. Therefore,
when testing full-scale structures, it is desirable that they be constructed
exactly like real complete structures and that they be placed on similar founda-
tions. TFurther, to obtain maximum information on true seismic performance, it is
desirable that the tests be carried out with realistic loadings producing response
well into the inelastic range. To fully meet these conditions, the tests would
cbviously have to be performed under actual earthquake conditions similar to the
design earthquake. This suggests that limited numbers of real buildings in re-
gions of high seismicity should be fully instrumented to measure their dynamic
response characteristics during future earthquakes.

Due to the long return pariod for high magnitude earthquakes, most dynamic
tests on real structures have been carried out using mechanical vibration or
ambient ground motions as the source of excitation., Unfortunately, due to the
low-amplitudes of response produced, the results obtained have limited value.
Certainly they cannot provide information on force-deformation characteristics
into the inelastic range or information on failure characteristics, They do
however provide valuable information which can be used to improve or validate
mathematical modelling in the low amplitude range.

In the past, most dynamic tests under forced vibraticn and ambient conditions
have been performed on high-rise buildings. The information obtained usually
consists of mode shapes, frequencies, and damping ratios; the latter being highly
variable with structural type, foundation condition, and amplitude of response.
In view of the vast amount of such information already collected, it would seem
desirable to concentrate future testing on unusual high-rise buildings and that
they be instrumented fully so that in addition to obtaining mode shapes, frequen-
cies, and damping ratios, gquantitative data will also be obtained on deformation
patterns and interaction effects, e.g., interactions hetween structure and founda-
tion, frames and walls, frames and floors, and structural and nonstructural sys-
tems. Further, it is suggested that these tests be carried ocut during various
stages of construction and, later, after the occurrence of each earthquake of
significant intensity. ©Should an important building be subjected to internal
fire, forced vibration tests as described in paper No. 30 can be used to indicate
possible damage incurred.

In addition to testing unusual high-rise buildings, future forced vibration
tests should also be carried cut on selected low-rise buildings of various types,
including industrial buildings. Similar tests should be carried out on other
structural types, e.g., freeway bridge structures, nuclear power reactor struc-
tures, industrial plant facilities, dams, ete.
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10.

Recognizing the limitations of low-amplitude dynamic tests on structures,
it is clear that an effort should be made t¢ test large-scale complete structures,
closely simulating real structures, under conditions producing high amplitude re-
sponse similar to that produced by high intensity earthquake motions. Therefore,
further consideration should be given to the development and use of large-scale
testing facilities.

CONCLUDING REMARK

An attempt has been made in this brief report on TOPIC 9 - DYNAMIC TESTS

ON STRUCTURES to summarize the significant test results contained in the 30

papers listed below and to present some general observaticns with recommendaticns
for future testing. Undoubtedly, due to lack of time and space, inadequate re-
porting has been made on many of the papers. For this possible shortcoming, the
present author expresses his sincere apologies. -
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EERC 73-12 "analytical Investigations of the Seismic Response of
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and J. Penzien -~ 1973 (PB 227 816)
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by W. S. Tseng and J. Penzien - 1973
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1973 (AD 773 052}
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EERC 74-10 "Applications of Reliability-Based, Global Cost
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EERC 74-11 "Liquefaction of Gravelly Soils under Cyclic Iloading
Conditions," by R. T. Wong, H. B. Seed and C. K. Chan -
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Frame," by P. Hidalgo and R..W. Clough - 1974
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"Nonlinear Earthquake Response of Conc¢rete Gravity Dams,"
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"Modeling and Identification 'in Nonlinear Structural
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"Determination of Seismic Design Criteria for the
Dumbarton Bridge Replacement Structure, Vol. I:
Description, Theory and Analytical Modeling of Bridge
and Parameters," by F. Baron and S.~H. Pang = 1975

"Determination of Seismic Design Criteria for the
Dumbarton Bridge Replacement Structure, Vol. 2:
Numerical Studies and Establishment of Seismic
Design Criteria," by F. Baron and S.-H. Pang - 1975

"Seismic Risk Analysis for a Site and a Metropolitan
Area," by C. S. OQOliveira - 1975

"Analytical Investigations of Seismic Response of
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Ma-chi Chen and J. Penzien - 1975 (PB 241 454)

"An Evaluation of Some Methods for Predicting Seismic
Behavior of Reinforced Concrete Buildings," by Stephen
A. Mahin and V. V. Bertero - 1975

"Earthquake Simulator Study of a Steel Frame Structure,
Vol. I: Experimental Results,” by R. W. Clough and
David T. Tang - 1975 (PB 243 981)

"Dynamic Properties of San Bernardino Intake Tower," by
Dixen Rea, C.-Y. Liaw, and Anil X. Chopra - 1975
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"Seismic Studies of the Articulation for the Dumbarton
Bridge Replacement Structure, Vol. I: Description,
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"Seismic Studies of the Articulation for the Dumbarton
Bridge Replacement Structure, Vol. 2: Numerical Studies
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"Static and Dynamic Analysis of Nonlinear Structures,”
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"Hysteretic Behavior of Steel Ceolumns," by E. P. Popov,
V. V. Bertero and S. Chandramouli - 1975
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"Three Dimensional Analysis of Building Systems,"
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"Determination of Soil Liquefaction Characteristics by
Large-Scale Labeoratory Tests," by Pedro De Alba, Clarence
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Shear Strength of Masonry," by Ronald L. Mayes and
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Concrete Frame Components,” by V. V. Bertero and
E. P. Popov ~ 1275
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Ramesh Murarka, John Lysmer and I. M. Idriss ~ 1975

"The Effects of Method of Sample Preparation on the Cyclic
Stress-Strain Behavior of Sands," by J. Paul Mulilis,
Clarence K. Chan and H. Bolton Seed - 1975

"The Seismic BRehavior of Critical Regions of Reinforced
Concrete Components as Influenced by Moment, Shear and
Axial Force," by B. Atalay and J. Penzien - 1975

"Dynamic Properties of an Eleven Story Masonry Building,"
by R. M, Stephen, J. P. Hollings, J. G. Bouwkamp and
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An Evaluation and Review,” by Ronald L. Mayes and
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"Hysteretic Behavior of Reinforced Concrete Framed Walls,”
by T. Y. Wong, V. V. Bertero and E. P. Popov - 1975
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"ANSR~I General Purpose Computer Program for Analysis of

"Testing Facility for Subassemblages of Frame-Wall
Structural Systéms," by V. V. Bertero, E. P. Popov and

‘T.-Endo - 197%

"Influence of Seismic History of the Liquefaction _ 1
Characteristics of Sands," by H. Bolton Seed, Kenji Mori
and Clarence K. Chan - 1975

"The Generation and Dissipation of Pore Water Pressures
during Soil Liquefaction," by H. Bolton Seed, Phillippe

P. Martin and John Lysmer - 1975

"Identification of Research Needs for Improving a Seismic
Design of Building Structures," by V. V. Bertero - 1975

"Evaluation of Soil LiquefactiOn Potential during Earth-
guakes," by H. Bolton Seed, I. Arange and Clarence K. Chan
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"Representation of Irreqular Stress Time Histories by
Equivalent Uniform Stress Series- in Liquefaction Analyses,"
by H. Bolton Seed, I. M. Idriss, F. Makdisi and N. Banerjee
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"FLUSH - A Computer Program for Approximate 3-D Analysis '
of Soil~Structure Interaction Problems,“ by J. Lysmer,
T. Udaka, C.-F. Tsai and H. B. Seed - 1975

"ALUSH - A Computer Program for Seismic Response Analysis . .o
of Axisymmetric Soil-Structure Systems," by E. Berger,
J, Lysmer and H. B. Seed - 1975

"TRIP and TRAVEL - Computer Programs for Soil~-Structure
Interaction Analysis with Horizontally Travelling Waves,"
by T. Udaka,.J. Lysmer and H, B, Seed - 1975

"Predicting the Performance of Structures in Reglons of
High Seismicity,"” by Josaph Penzien - 1975

"Efficient Finite Element Analysis of Seismic Structure -
Soil -~ Directioen,” by J. Lysmer, H. Bolton Seed, T. Udaka,
R. N. Hwang and C.-F. Tsai - 1975

"The Dynamic Behavior of a First Story Girder of a Three~
Story Steel Frame Subjected to Earthquake Loading," by
Ray W. Clough and Lap-Yan Li - 1975

"Earthquake Simulator Study of a Steel Frame Structure,
Volume I - Analytical Results," by David T. Tang - 1975
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Non~Linear Structure Response," by Digambar P. Mondkar
and Graham H. Powell - 1875
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Analogy," by Gautam Dasgupta and Jerome L. Sackman - 1975
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Sands," by H. Bolton Seed, Robert Pyke and Geoffrey R.
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Tsuneo Okada and Boris Bresler - 1976 (PB 257 93058)

"Experimental and Analytical Studies on the Hysteretic
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by Shao-Y¥eh Marshall Ma, Egor P. Popov and Vitelmo V.
Bertero - 1976 (PB 260 843)

"Dynamic Behavior of a Multistory Triangqular-Shaped
Building," by J. Petrovski, R. M. Stephen, E, Gartenbaum
and J. G. Bouwkamp - 1976

"Earthquake Induced Deformations of Earth Dams," by Norman
Serff and H. Belton Seed - 1976

"Analysis and Design of Tube-Type Tall Building :Structures,"

by H. de Clercq and G. H. Powell - 1976 (PB 252 220)

"7ime and Frequency Domain Analysis of Three-Dimensional
Ground Motions, San Fernando Earthguake," by Tetsuo Kubo
and Joseph Penzien ~ 1976 (PB 260 556)

"Expected Performance of Uniform Building Code Design Masonry
Structures,” by R. L. Maves, Y. Omote, S. W. Chen and
R. W. Clough - 1976

"Cyclic Shear Tests on Concrete Masonry Piers, Part I -
Test Results,” by R. L. Mayes, ¥. Omote and R. W. Clough
1976 (PB 264 424)
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Soil Interaction," by Jorge Alberto Gutierrez and Anii X.
Chopra - 1976 (PB 257 783)
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"Influence of Design and Analysis Assumptions on Computed
Inelastié¢ Response of Moderately Tall Frames," by
G. H. Powell and D. G. Row - 1976

"Sensitivity Analysis for Hysteretic Dynamic Systems:
Theory and Applications,” by D. Ray, K. S. Pister and
E. Polak - 1976“(PB'262 859)

"Coupled Lateral Torsional Response of Buildings to Ground

‘Shaking," by Christopher L. Kan and Anil K. Chopra - 1976

"Seismic Analyses of the Banco de America," by V. V. Bertero,

S. A. Mahin, and J. A. Hollings = 1976

"Reinforced Concrete Frame 2: Seismic Testing and Analytical

'Correlatlon,f by Ray W. Clough and Jawahar Gidwani - 1976

{PB 261 323)

"Cyclic Shear Tests on Masonry Piers, Part II - Analysis of
Test Results,” by R: L. Mayes, ¥, Omote and R. W. Clough
1576 .

"Structural Steel Bracing Systems: Behavior Under Cyclic

‘Loading," by E. P. Popov, K. Takanash1 and C. W..Roeder

1976 (PB 260 -715)

"Experimental Model Studies on Seismic Response of High
Curved Overcrossings,"” by David Wllllams and William G.
Godden - 1976

-"Effects of Non-Uniform Seismic Disturbances on the Dumbarton

Bridge Replacement Structure,“ by Frank Baron and Raymond E.

- Hamati - 1976

“Investigation of the Inelastic Characteristics of a Single

| Story Steel Structure uging System Identification and Shaking

Table Experiments," by Vernon C. Matzen and Hugh D. licNiven
1976 (PB 258 453)

. "Capacity of Columns with Splice Imperfections," by E. P.

Popov, R. M. Stephen and R. Philbrick - 1976 (PB 260 378)

. "Response of the Olive View Hospital Main Building during

the San Fernando Earthquake," by Stephen A. Mahin, Robert
Collins, Anil K. Chopra and Vitelmo V. Bexrtero - 1876

"a Study on the Major Factors Influencing the Strength of
Masonry Prisms," by N. M. Mostaghel, R. L. Mayes, R. W. Clough
and S W. Chen - 1976

: "GADFLEA - A Computer Program for the Analysis of Pore
" Pressure Generation and Dissipation during Cyclic or

Earthquake Loading,” by J. R. Booker, M.:S. Rahman and
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"Earthquake Response of Coupled Shear Wall Bulldlngs," by
Thirawat Srichatrapimuk - 1976

"Tensile Capacity of Partial Penetration Welds,"™ by Egor P.
Popov and Roy M. Stephen - 197¢ (PB 262 899)
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"The Effects of Seismic Disturbances on the Golden Gate
Bridge," by Frank Baron, Metin Arikan and Raymond E.
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R, E. Klinger and V. V. Bertero - 1976

"PLUSH - A Computer Program for Probabilistic Finite
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by Migquel P. Romo Organista, John Lysmer and H. Bolton
Seed - 1977

"Soil-Structure Interaction Effects at the Humboldt Bay
Power Plant in the Ferndale Earthquake of June 7, 1975,"
by J. E. Valera, H. Bolton Seed, €. F. Tsai and J. Lysmer
1977

"Influence of Sample Disturbance on Sand Response to Cyclic
Loading," by Keniji Mori, H., Bolton Seed and Clarence XK.
Chan - 1977

"Seismological Studies of Strong Motion Recoxds," by Jafar
Shoja~Taheri - 1977

"Testing Facility for Coupled-Shear Walls," by Lee Li-Hyung,
Vitelmo V. Bertero and Egor P. Popov - 1977

"Developing Methodologies for Evaluating the Earthquake
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