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ABSTRACT

A computer-aided design procedure based on limit state design
concepts is proposed for multistory reinforced concrete frames of
buildings which are expected to experience severe earthquake ground
shaking during their service life. In this procedure a structure is
designed to meet (1) various serviceability criteria under service
loading conditions, (2) damage limitations for abnormal environmental
conditions, and (3) safety requirements for extreme earthquake exci-
tations. The design procedure, which makes use of computer optimiza-
tion methods as well as static and dynamic elastic and nonlinear
analysis procedures, consists in five basic steps which are grouped

into a preliminary design phase and a final design phase.

The objective of the preliminary design phase is to obtain a
preliminary design which is as close as possible to the desired final
design. It entails three steps, preliminary analysis, preliminary

design, and analysis of the preliminary design.

In the first step, serviceability, damageability, and safety
criteria, gravity and wind loading conditions, and the "design earth-
quakes" are established according to the site, type, and function of
the building. Seismic design shears are obtained from an inelastic
design response spectrum constructed for appropriate values of damp-
ing, and acceptable values of displacement ductility and average
story drift using an iterative preliminary analysis procedure based

on modal analysis.

In the second step, a preliminary design of structural members
is obtained employing a simplified storywise optimization procedure.
The optimization objective was to minimize the volume of flexural
reinforcement. A weak girder - strong column design philosophy is
followed in the formulation of the design problem. Design constraints
are imposed to satisfy equilibrium and to arrive at a serviceable

and practical design. The solution of the optimum design problem

i(e)



yields beam design moments which are used in conjunction with the
weak girder - strong column design philosophy to obtain member sizes

and reinforcement.

Once the preliminary design is completed, structural response
to various loading conditions is computed (step 3). Both elastic
and nonlinear behavior is considered under static and dynamic loading.
The results of these analyses are evaluated with respect to the assump-
tions made and design criteria established in step 1 to determine
whether the design is acceptable. Steps 1 through 3 are repeated
until satisfactory agreement is reached and the final seismic design

story shears can be obtained.

The objective ofkthe final design phase is to obtain an
optimum final design. This phase consists in two steps, final
design and an analysis of the reliability of the final design. The
final design is found by solving an optimization problem based on a
more sophisticated and realistic design subassemblage than that used
in the preliminary design and using the final seismic design shears
obtained in the preliminary design. In the second step, the relia-
bility of the final design is checked under service and ultimate
loading conditions. Information needed for detailing critical regions
in the structure where yielding and significant inelastic deformations
may take place is obtained by determining its nonlinear time history

response to severe earthquake ground motions.

The design procedure is illustrated on a ten-story, three-bay
reinforced concrete frame. The influence of the different limit

states considered is indicated by the example.

This computer-aided design procedure is shown to be very
versatile. The use of computers allows alternate designs to be
rapidly and economically formulated and evaluated, and it allows
realistic consideration of complex environmental actions. The
nonlinear dynamic response of the designed structure indicates that

the procedure is capable of achieving acceptable designs if the

ii



response spectrum used in the definition of the design forces ade-
quately represents the characteristics of the ground motion which

excites the structure.
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1. INTRODUCTION

1.1 General Goals and Current Practice of Earthquake-Resistant

Design

The general philosophy of earthquake-resistant design for
buildings other than essential facilities has been well established
and proposes to (1) prevent nonstructural damage in frequent minor
ground shakings, (2) prevent strucﬁural damage and minimize non-
structural damage'in occasional moderate ground shakings, and (3)
avoid collapse or serious damage in rare major ground shakings.
This philosophy is in complete accord with the concept of compre-
hensive design [1], but current design methodologies fall short of

realizing its objectives.

Application of the comprehensive design approach to seismic-
resistant design is, however, complex because of difficulties involved
in assessing the relationship between loss and seismic excitation.
According to the concept of comprehensive design, the ideal design is
that which results in the minimum total cost, including possible
losses, for all limit states. However, this ideal is not an: immediate
practical possibility in actual design. No practical design method
has yet been developed that satisfies simultaneously all the require-
ments imposed by the different limit states. In practice the simplest
approach would be to estimate the most critical limit state and to
use this state as the basis for proportioning members in the prelimi-
nary design; all other main limit states should then be checked
through a comprehensive analysis. To facilitate the application of
this approach, the different limit states have been grouped as either

serviceability or ultimate limit states.

For buildings which may experience a severe earthquake ground
shaking during their service life, the most critical limit states are
the ultimate. However, most current seismic design procedures are
based on (1) the use of equivalent (or effective) static seismic

lateral forces defined at service or at first significant yielding
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level, (2) the determination of internal design forces by linear-
elatic analyses, and (3) the proportioning of members using either
working (service) stress methods or by considering the ultimate
strength of their critical sections. Only recently has design prac-
tice in regions of high seismic risk begun using procedures based

on ultimate limit states, focussing on safety against collapse of
the main structure as the controlling ultimate limit state. The
desirability of introducing into seismic-resistant design practice

a new group of limit states based on damageability to bridge the

serviceability and collapse limit states is discussed in reference 1.

The authors believe that structural design should be based
on the limit state that actually controls it. If an ultimate limit .
state (damageability or collapse) controls the design and a fic-
titious linear-elastic limit state is adopted for preliminary design,
the resulting design should be checked at ultimate states using

realistic models.

The advantages of developing a design method based on two
failure stages have been discussed by Sawyer [2]. For simple struc-
tures subjected to standard loading, a design method based on two
behavioral criteria (collapse and loss of serviceability) and on four
optimizing criteria has been developed‘by Cohn [3]. Application of
the latter method to the seismic-resistant design of ductile moment-

resisting steel frames seems feasible and practical [4].

The ultimate objective of the designer is to have an economi-
cal, serviceable and safe building. To achieve this aim, an effi-
cient preliminary design is neceséary. Sophisticated and efficient
computer programs recently developed for the analysis of complex
structures do not necessariliy guarantee an efficient design, par-
ticularly for the case of seismic-resistant design. Regardless of
how sophisticated the computer programs are, repeated analyses of a
poor preliminary design will usually only lead to an improved "poor

final design.”



Recognizing the importance of the overall design concept and
the need for a sound preliminary design, the authors have developed
the seismic-resistant design procedure described herein. It should
be emphasized that the proposed procedure has been developed for and
applied to the design of reinforced concrete framed structures of
buildings located in regions near active faults where there is the
possibility that very severe earthquake ground shaking might occur
during the service life of these buildings. Therefore, the result-
ing seismic design forces as well as the resulting values for the
response parameters (i.e. displacements, story drifts, etc.) apply
only to buildings which will be subjected to these very severe ground

motions.

1.2 Main Objectives of Proposed Design Procedure

The principal objective of this procedure is to develop the
most economical and practical design which is consistent with ser-
viceability requirements under all possible service excitations and
which will be able to control damage and minimize the danger of
collapse under a possible, but highly unlikely, severe earthquake

~ground shaking.

The procedure should be versatile to permit the inclusion of
new and more reliable data as they become available as well as new
design requirements and/or practical design constraints., In addi-
tion, the procedure shculd be automated as much as possible to

produce a preliminary design in a relatively short time.

1.3 Scope

The proposed seismic design procedure was developed spe-
cifically for reinforced concrete ductile moment-resisting frames.
It represents an extension of the procedure developed by Bertero and
Kamil for steel frames [4]. To achieve the above objectives, the
procedure developed employs a computer—aided iterative technique in
five basic steps which are grouped into a preliminary design phase

and a final design phase.  In this report emphasis is placed on the



preliminary design phase.



2. GENERAL DESCRIPTION OF DESIGN PROCEDURE

2.1 Preliminary Design Phase

The objective of this phase is to obtain efficiently a preliminary
design which is as close as possible to the final "optimum" design. This
is deemed essential in obtaining a true optimum design. The preliminary
design phase consists in three basic steps, which form an iterative
loop to be repeated until an acceptable design is obtained. These steps
are preliminary analysis, preliminary design, and analysis of the pre-

liminary design.

2.1.1 Preliminary Analysis

The final objective of this first step is to obtain the design
story shear forces. To this end the given data regarding the function
of the building and the building site are studied in order to establish
serviceability, damageability and safety requirements and to select a
realistic design earthquake. At present, a convenient, practical,
and satisfactory way of specifying the design earthquake is by a smooth
ground spectrum [5]. A smooth linear-elastic response spectrum is
constructed from the selected ground spectrum by establishing an
appropriate damping ratio. To include the beneficial effect of energy
dissipation associated with acceptable inelastic deformations, an
inelastic design spectrum is constructed from the linear-elastic spec-
trum by selecting an appropriate displacement ductility factor. The
damping ratio and particularly the ductility factors should be selected
on the basis of economic considerations and the serviceability and
damageability design limit states. Finally, the design story shear
forces are obtained from the inelastic spectrum by a modal superposition
analysis based on estimated values of periods of vibration and mode
shapes. Expected P-A effects are estimated and included in the design

story shears.

Inherent in the use of the modal analysis technique is the

assumption that a sufficient number of plastic hinges form simultaneously



+o transform the frame into a mechanism. In other words; the frame is
assumed to behave as an elastic, perfectly plastic, single degree-of-
freedom system (Fig. 1). The likelihood of this happening, especially
in response to an earthquake excitation, is very small. First, it
should be recognized that the proportioning of members is based on
envelopes of internal forces that include all possible load combinations.
Thus, design of the different critical regions are governed not only
by different load combinations, but also by forces that do not occur
simultaneocusly. In addition, during the response to an earthquake
ground motion plastic hinges typically migrate from the lower to the
upper stories. Plastic hinges which formed in the lower stories
during the initial stages will in many cases close before a sufficient
number of hinges can form in the upper stories to transform the structure
into a mechanism. Because the plastic hinges form gradually, the
change in stiffness at "yield” is more gradual than in the idealized
case, and a more realistic generalized force displacement relationship
would be that indicated by the dashed curve in Fig. 1. As indicated
in this figure, overstrength would be expected not only because of

the gradual hinge formation, but also due to the fact that actual
member yielding strength available (available strength) will differ
(typically greater) from the computed required design capacity (demand
strength) because of the finite number of combinations of member sizes
and reinforcement arrangements, and the fact that strain hardening

of the reinforcement will result in an increase in moment capacity

after yielding occurs.

In spite of this assumption it is believed that the above method
is a considerable improvement over current seismic code procedures for

establishing the design forces [6].

2.1.2 Preliminary Design

The preliminary design consists of a storywise weak girder -
strong column limit state design using an optimization procedure.
Linear programming techniques are employed to find the beam design

moments which minimize an objective function proportional to the required



volume of flexural reinforcement. The beam design moments must satisfy
equilibrium constraints derived from the kinematic theorem of simple
plastic theory. Additional constraints are imposed to include service-
ability requirements and practical design considerations. The merit
function combined with the equilibrium, serviceability, and practical
constraints comprise a standard linear programming problem. A solution
for the beam design moments is obtained using a Simplex algorithm. The
beams are then proportioned to provide these design moment capacities,
and the columns are subsequently designed to satisfy the weak girder -
strong column design criterion. The member sizes and reinforcement

are determined by a computer program which is based on the 1973 ulti-

mate strength requirements for reinforced concrete members [7].

An iterative loop exists within the preliminary design step.
Elastic analyses at service and ultimate load conditions are required
to define the serviceability and several practical design constraints,
as well as to construct the merit function. Consequently, member
sizes (starting) are required to formulate the design problem. The
subsequent design based on the optimum design moments will, in general,
result in member sizes different than those used in the formulation of
the design problem. As a result, the formulation and solution of the
optimization problem are repeated, with the member sizes obtained in
the previous solution being used in the formulation of the new problem,
until the new and starting member sizes are the same. This loop is

shown schematically in Fig. 2.

2.1.3 Analysis of Preliminary Design

In this final step, the preliminary design is analyzed to deter-
mine its acceptability. The dynamic characteristics of the designed
structure are determined using standard procedures and are compared
with those selected in the preliminary analysis. The behavior under
service load conditions is determined to check serviceability require-

ments.

An inelastic static analysis of the designed frame subjected



to the lateral force pattern corresponding to the seismic design
story shears is carried out to determine displacement ductility
factors and static overstrength factors and to locate any apparent

weaknesses in the design.

Finally, if the results of the static analyses are satisfactory,
the response of the designed frame to different earthquake ground
motions is obtained using a nonlinear dynamic analysis program. In
this program all members are represented by a two-component element
which effects an elasto-plastic moment curvature relationship with
linear strain hardening. The P-A effect, the influence of axial force
on the column yielding strength, and the influence of the floor slab

on the frame stiffness are included in the analysis.

Unfortunately, both the static and dynamic nonlinear analyses
programs used in the current study are limited to the analysis of the
planar behavior of frames. Consequently, a three-dimensional structural
analysis of the entire structural system, which would include tor-

sional effects, cannot be carried out with these programs.

Maximum values as well as time histories of the main dynamic
response parameters (such as story shears and story displacements,
story drift indices, beam and column curvature ductilities, and plactic
hinge rotations) are examined to determine whether they are acceptable
with respect to: (1) the established design criteria for damageability
and safety, (2) the known member deformation capacities, and (3) the

assumptions made in the first step (preliminary analysis).

If these analyses prove that the designed structure meets the
established design criteria (i.e., that the design characteristics are
similar to those assumed in the preliminary analysis, and that the
required inelasitc deformations are compatible, that is, can be
developed by the members), then the preliminary design process is
complete, and a final optimum design is attempted. If any character-
istic of the designed structure is unacceptable, the design is modi-

fied, either by starting at the first step or by making the necessary



adjustments to eliminate the observed shortcomings.

2.2 Final Design Phase

The final design phase consists of two steps. In the first
step a final optimum design is obtained. The design procedure is
similar to that employed in the preliminary design phase, with the
exception that a more sophisticated subassemblage is used in the
formulation of the optimization problem. The seismic design forces
are determined from the inelastic design specturm utilizing the dynamic
characteristics of the accepted preliminary design. As in the pre-
liminary phase, a weak girder - strong column design criterion is
established. In the second step, the optimum design is analyzed to
evaluate its overall reliability under service and ultimate loading

conditions.

2.3 sSummary of Design Procedure

A flow chart of the design procedure is shown in Fig. 3. The
steps in the preliminary design phase are repeated until an acceptable
preliminary design is obtained, at which point the final optimization

is attempted.

The proposed design procedure will be illustrated by presenting
a detailed discussion of the design of a ten-story three-bay frame
(Fig. 4). Throughout the presentation emphasis is placed on the
methodology of the design procedure rather than on detailed computations.
The preliminary design phase is discussed in Chapter 3 and the final
design phase in Chapter 4. Conclusions and recommendations for future

research are presented in Chapter 5.






3. PRELIMINARY DESIGN PHASE

3.1 General Design Criteria

As already noted, the objective of the preliminary design phase
is to obtain efficiently a design which is as close as possible to the
final desired design. In seismic-resistant design the following general

design characteristics are considered desirable.

l. A weak girder - strong column design should result. In other
words, it is desired to force inelastic deformations to occur in the
girders in order to. limit as much as possible the inelastic deforma-
tional demands in the columns and to minimize the possibility of soft
stories (partial sway mechanisms). Typically, because of the effect of
axial load and high shear forces,* the inelastic deformational capa-
city of columns is less than that of girders. 1In addition, failure
(collapse) of a column is in general of a more serious consequence with
respect to progressive collapse and therefore with reépect to the

safety of the structure as a whole than failure of a girder.

2. Abrupt transitions in mass, stiffness, strength, and
ductility should be avoided throughout the total height as well as the
plan area of each story of the structure. If a change in stiffness is
necessary, for example when the beam or column size 1is changed, a
corresponding change in strength should be included in the members in
this area. This is required to prevent early yielding in a particular
region which might result in large localized inelastic deformations and
lead to a possible failure, as defined by the damageability or collapse
limit states. The importance of a smooth transition in stiffness and

strength cannot be overemphasized.

The above characteristics have been established as design
criteria in both the preliminary and final phases of the design pro-
cedure.

The methodology of the preliminary design procedure will now

*Columns typically have shorter shear spans than beams.

Preceding page blank
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be illustrated by applying it to the example frame‘shown in Fig. 4.

3.2 Preliminary Analysis

The objective of this step is to obtain the lateral story shears
corresponding to a given or selected design earthquake. It involves

the following.

3.2.1 Analysis of Given Data

The frame geometry, standard design loads (dead, live and wind),
and story masses (obtained from the dead loads and any live load
attached mechanically or by high friction to the permanent mass) are
given in Fig. 4(a). The most difficult task in the first step is the
selection of the proper design earthquake(s). For the present applica-
tion it is described gquantitatively by the inelastic response spectrum
shown in Fig. 5. This spectrum is constructed from given values of
effective peak ground acceleration, 0.4g, ground velocity, 486 mm/sec
(12.2 in./sec), and ground displacement, 366 mm (14.4 in.), that are
expected to occur at the building site, following the method suggested
by Newmark [8]. It should be noted that the ground motion spectrum
in Fig. 5 represents a severe ground shaking which might occur only
at regions near active faults. For a detailed discussion of the
importance of the selection of the proper design earthquake, see

reference 5.

3.2.2 Selection of Main Seismic Design Parameters

The seismic design parameters are the "yielding" seismic coef-
ficient (Cy) acceptable drift indices (at service R, and at ultimate,
Rult)' period ratios (Tl/Ti) where Tl is the first mode period, and

T, is the ith mode period, and mode shapes Qki)°

The acceptable limit values for Cy should be assigned accord-
ing to present design and construction experience and economic con-
siderations involved in the design criteria selected. Acceptable
values for R should be selected on the basis of acceptable damage at

the service load limit state, and for R.u £ on the basis of damage-

1
ability and safety against collapse at the ultimate limit state.

-12-



As discussed in detail in reference 1, the acceptable damage levels
should result from functional and economic implications of this
damage. However, reliable quantification of damageability limit

states is still unavailable.

For the example, it was decided that Cy should be less than
0.2 and that R should be less than 0.002 at service load conditions,

and R.u s Which quantified in a very simplistic way the damageability

1t
limit state, should be less than 0.015.

The frequency ratios and mode shapes can be found from avail-
able tables {[9], from previous experience, or from a frequency ana-
lysis of a similar design. The latter method is used for this example

and the results are summarized below.

;l- = 2.75 ;l- = 4.75 ;l- = 7.1 ;l = 9.45
2 3 4 5
¢, = [1.000 .943 .859 .757 .663 .555  .435 .322 .204  .090]
¢, = [1.000 .646 .179 -.282 -.562 -.734 -.767 -.675 -.482 -.228]
¢, = [1.000 .115 ~-.706 ~1.002 -.702 -.062 .593 .908 .850  .460]
¢, = [1.000 -.618 -1.152 -.228 .700 .95  .313 -,489.-.893 =.608]
¢, = [1.000 -1.355 -.661 1.202 .881 -.781 -1.201 -.141 1.144 1.080]

3.2.3 Selection of Values of T3, U, and §

Initially, it is necessary to assume a value for each of the

following parameters: the first mode period, T., the displacement

1
ductility factor, M, and the damping ratio, £. Based on an analysis

of the frequencies of similar structures, T, was assumed equal to

1.0 sec. From previous experience with similar structures, U was
assumed equal to 6, and &, 5%. It should be noted that the value of
£ is generally found to vary little with the natural frequency and
seems to depend almost exclusively on the structural material, struc-

tural system, and nonstructural components and their interaction with

-13-



fhe structure, and on the degree of damage expected which in turn is
a function of Y. The final selection of the proper wvalues for theée
three factors usﬁally requires an iterative procedure which includes
a series of computations described in the next step. In each step of

this procedure the value of Cy and Ru resulting from computations‘

1t

based on the set of values assumed for T,, H, and & are compared with

1
the values that were originally selected as desirable, i.e. Cy = 0.2

and Rult = (0.015. This procedure is repeated, modifying the wvalues

of Tl' U, and £ until close agreement between the computed and desired

R i .
values of CY and ALt are obtained

3.2.4 Estimation of First Mode Maximum Response

The inelastic design spectrum for a single degree-of-freedom
system (SDOFS) is obtained from the selected ground motion spectrum
in two steps. The elastic response spectrum is first constructed by
multiplying the ground motion spectrum by the amplification factors
suggested by Newmark for the assumed value of the damping ratio,
£ [8]. The inelastic spectrum is then constructed by dividing the
elastic spectrum by appropriate functions of the assumed displacement

-ductility [8]. The elastic and inelastic response spectra for £ = 5%
and U = 6 are shown in Fig. 5. It should be noted that there are
actually two inelastic design spectra. The inelastic spectrum indi-
cated in Fig. 5 defines the inelastic acceleration response,
Psainelastic' The inelastic displacement response is defined by a
second spectrum which is found by multiplying the displacement asso-
ciated with the inelastic acceleration response spectrum, Sdinelastic'
by the assumed value of Y. Maximum response parameters and the

range of periods over which the established limitations on Cy and

R

ult
shape and the assumed value of Tl’ as indicated below.

can be satisfied may be obtained from the first period mode

The maximum lateral displacement:

*
MI
Y=:————§-)'——-s —-i-s
1 T M H dinelastic M* H dinelastic
1

(L)
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where

M = structure mass matrix
91 = first period mode shape vector
I = unit vector
Sdinelastic = ize;astlc spectral displacement corresponding
1

The computed Y., or Sdinelastic S0 be used to obtain an idea of the

1
expected story drift:

*

_h
H

Rl=

= 0.00092 * U Sq;, 1astic

(2)

* *H Sdinelastic
Ml H

where H is the total structure height.

The base shear:

* 02
(Ll)
. .= ‘W .
Vl M* Sainelastic = ©1 leffective (3)
1
where
PSainelastic tzeéistlc spectral acceleration corresponding
* 2
(Ll)
Wleffective - M* * 9
1

can be used to give an idea of the expected seismic coefficient:

v PSy; ,
inelastic
c. = ——1 (4)

1 Wleffective g

From Fig. 5 it can be seen that the design requirements of

< 0.2 and R, < 0.015 can be satisfied for the following range of

1
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.67 sec f_ Tl<i 2.6 sec

A similar check could have been performed for the service-
ability limit state if a design spectrum had been established for

this limit state.

For the assumed value of T, = 1.0 sec, the spectrum of Fig. 5

1

gives C, = 0.12 and Rp,¢ = 0-0063. Although the value of C, is con-

1
siderably lower than the acceptable limit of 0.20, the effect of
higher modes will increase the response, and the current value of

Tl' U, and & can be accepted for carrying out the preliminary design.

3.2.5 Estimation of Lateral Story Shears

The displacement and base shear modal participation factors,
Az and AZ, respectively, can be estimated from the selected mode

shapes by the expressions:

*
y _ N
)\i = - (5)
M.
i
and
* 2
v (Li)
Ai = = (6)
M.
i
where
*
Li - Ei.qll
* T
Mi - Qi E.Qi
Qi = ith mode shape vector

Using the selected values of Tl/Ti and Ty, the contribution
of each mode to the maximum displacement and base shear is then found

from the expressions:

= A\
Yy xi p(Sdinelastic)i

(7N
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and

- V.
Vi <. Ai (Psainelastic)i

(8)

By examining these modal contributions, the number of modes
which can have a significant effect on the response may be determined.

For the design example, only the first three modes were significant.

Once the story shears for each of the significant modes are

computed, the maximum probable story shear, S , is estimated by

. Jmax
computing the square root of the sum of the squares of the modal

maxima (SRSSMM).

Although in this example it was assumed that the story ductility,
“j’ was constant throughout the height of the building, it would gen-
erally be more rational to use different ductility values through the
height. This is because the state of stress in the girders at the
upper stories usually permits the development of large ductility, and
the consequences of large story drifts are less detrimental, as far
as structural behavior is concerned, in the upper than in the lower

stories.

The P-A effect has been included in the design forces by

estimating additional story shears:

S§.
As = R
BSp )y = P50 g, )
J
where
P. = the total dead load plus the reduced live load of
J levels above level j
8§, = +the maximum relative story deflection at level j (this
J value should be estimated considering the expected
inelastic response which depends on the value of Yy
at that story) ’
hj = the story height of level j

For the design example, Gj/hj was assumed constant through the

-17-



height of the frame and equal to:

Aroof (10)

LS
I

where

= the sqguare root of the sum of the squares of the

roof modal maximum displacements at the roof

H = the total height of the frame
The final design story shears are obtained from the expression:

Sjmax - Sjmax (A

The design forces for the design example are compared to the
UBC (1973) seismic design forces in Fig. 6. The UBC forces shown in
Fig. 6 are for ultimate strength design; i.e., they are the forces at

working stress level actually defined by the code multiplied by a

factor of 1.4. Figure 6 indicates that for a given severe earthquake
ground shaking, a structure designed according to UBC design forces
is generally expected to experience significantly larger inelastic
deformations than one designed according to spectral design forces

because it is usually weaker and more flexible.

3.3 Preliminary Design

The basic problem in this step of the procedure may be stated

as follows:

Given:
1. Gravity and wind loads.

2. Seismic lateral story shears obtained in the pre-
liminary analysis (Fig. 6).

3. Critical load combinations. Those considered were:
0.75 (1.4 DL + 1.7 LL + 1.7 W)

f -
1.4 DL + 1.7 LL rom UBC Sect. 2609 (d4)
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i.2pL + 1.0 LL + 1.0 E | *
0.8 DL + 1.0 E
4. Mechanical characteristics of the construction

materials. The nominal compressive strength of
concrete was taken as 27.6 MPa (4,000 psi), and
the nominal yield strength of the reinforcement
was taken as 413.7 MPa (60,000 psi).

Find:

The sizes of beams and columns as well as the distri-
bution of beam flexural reinforcement and column longi-
tudinal reinforcement.

This problem is solved by a simplified storywise weak girder -

strong column optimum limit state design.

3.3.1 Design Subassemblage

The single story subassemblage used in the preliminary design
is shown in Fig. 7. Use of this subassemblage and the weak girder -
strong column design criterion simplifies the design problem because
it reduces the number of design variables to the Selected girder
moments in a given story. In a typical intermediate story the use of
this subassemblage is justified by the presence of large seismic
shear forces which force the column inflection points to be very close
to mid-height. In the design procedure, both the negative and posi-
tive design moments at a given section are considered independent
design variables. If the design moments are assumed to be symmetric
about midspan of the center bay, 8 independent design moments may be
identified in the example frame (Fig. 7). Determining the optimum
value of these design moments is the objective of the optimization

procedure presented below.

3.3.2 Design Procedure

Linear programming techniques are used to obtain an optimum

*Because the earthquake design forces are obtained considering the

inertial forces to be developed under the most severe ground motion,
the load factors adopted differ from those of UBC Section 2626(d).
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inelastic design. The optimization process attempts to minimize the
volume of flexural reinforcement. Equilibrium constraints obtained
from the kinematic theorem of simple plastic theory form a physical
bases for the optimization, with additional constraints imposed to

satisfy serviceability as well as practical requirements.

More realistic objective functions than the volume of flexural

reinforcement (such as the total cost of construction which would
include the cost of concrete, steel reinforcement, and formwork [10])
might be formulated as part of the optimization procedure. However,
it is generally difficult to formulate realistic linear relationships
between cost variables and design variables (thé beam moment capaci-
ties), and since an approximate linear relationship between the area
of steel and the design moment capacity exists, the volume of flex-
ural reinforcement was chosen as the objective (merit) function.
The possibility of considering a nonlinear total cost function by
employing a different mathematical programming technique, such as
the method of feasible directions used by Walker and Pister [11],
should be studied.

3.3.3 Starting Design

Elastic analyses for the service and ultimate load states
must be carried out before starting the above design procedure
because: (1) the merit function and several practical constraints
are based on ultimate load elastic moment envelopes; and (2) the
serviceability constraints are based on the service load envelopes.
To carry out these analyses a starting preliminary design (starting
relative sizes of members) is required. This presents a problem of
how to obtain a good starting design in the first iteration of the
design process. Although upper and lower bound approaches can be

used, the following procedure is suggested.

1. Assume that the moment capacity in a given span is con-
stant.

2. Formulate an optimization problem based only on the
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equilibrium constraints at collapse, thus eliminating
the need for elastic analyses.

3. Use the computed moment capacities to size the beams.

4. Use beam capacities found in item 3 to size the columns
to ensure a weak girder - strong column design.
The sizes of beams and columns in all stages of the design
process were based on the permissible percentage of reinforcement,
P, bounded as follows.

In the beam design:

200

= < p <. 0.025 or < 0.75 SN whichever is smaller

=

The lower bound is a code requirement for the minimum amount of flex-
ural reinforcement. The upper limit of 0.025 is that recommended by
the UBC (2626) for ductile moment-resisting reinforced concrete space
frames. The upper limit of 0.75 pb is that recommended by the

UBC (2610) for the design of flexural members. In this design example
the upper bound, p < 0.75 Py controlled the design.

In the column design:

0.0L < p < 0.04

The upper limit is chosen in improve the column's inelastic behavior
and also to relieve congestion of reinforcement at beam-column joints.

The lower bound is a code requirement.

Details of the design relationships used and the relationship
between beam moment capacities and column design moments as well as
the results of the suggested starting design procedure will be pre-

sented after a discussion of the optimization procedure.

3.3.4 PFormulation of Design Problem

In order to use a linear programming technigue to obtain the
stated optimization objective, it is necessary to formulate a linear

function in the desired moment capacities which is proportional to the
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volume of flexural reinforcement (Vol). Such a function is obtained
from the following relationship between the moment capacity, M;,

and area of steel, Asi:

M= AS_ ' fy *3d (12)
1 .
where
fy = steel yield stress
jd = distance between the centroids of the resultant com-

pressive and tensile forces

Consequently, the merit or objective function>may be expressed as:

vol ~ 3M.y, (13)

where Yy is the effective length over which area Ag; is required.

The gquantity Yi is an effective length because it includes
required development lengths at columns and the effect of bar cutoffs.
As a consequence it is dependent on the bar size used in design.
Typically larger bars will result in larger values of Y- In order
to arrive at the smallest volume of reinforcement and alsoc to minimize
the possibility of significant bond deterioration, use of the smallest

possible bar size is recommended.

The contribution of the column reinforcement to the volume of
flexural reinforcement should be considered in construction of the
merit function. Since a weak girder - strong column design criterion
is imposed, the sum of the column moment capacities at a given joint
can be expressed in terms of the beam moment capacities at that joint.
This expression can be multiplied by an appropriate length factor and
added to the merit function. This factor should include the effect of
axial load on the column moment capacity and any slenderness
effects which may be considered in the actual member design, as well
as the extra length of the reinforcing bars needed in case lap splices

are used.
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The equilibrium constraints used in this design example are
given by the following equations which correspond to the mechanisms
given in Fig. 8.* Details of the derivation of the equilibrium

constraints are presented in Appendix A.

2
W, %
- + - A A
(a) M, + 2M_ + M_ > G
1 2 3 —
4
2
_ . WBG'Q'B
‘ >
(b) 2M4+2M5___ 2
where
] - + .
WG 1.4 wa 1.7 WLL
RA, RB = clear spans
- + - + - +
+ >
() M + My + My o+ Mg+ M +M > M
where
By i-1 ™
My = Fy "5+ 5y 2
i-1 5
WA QA
@ Mo+ M 2MD M A M M > M+
1 2 3 3 4 4 — H 4

*It should be noted that the equilibrium inequalities, which include
the sway mechanism, are not rigorous since the effect of the rigid
zone associated with the column width on the virtual plastic rota-
tion is not considered. To include this effect, the coefficient,
Qgir associated with the moments in a given span, would be multi-
plied by XL/L where XL is the length between the column centerlines
and L is the clear span. The external work associated with gravity
load in the combined mechanism inequalities (e-h) would also be mul-
tiplied by XL/L and the external work associated with the sway
mechanism (c) would be modified to include work done by gravity
loads during the sway vertical displacement. The latter external
work correction is required only if the rigid zones at the beam
ends are not equal. For this particular design, XL/L varied from
a minimum of 1.09 at the roof to a maximum of 1.13 at the second
floor level.
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where

WL = l.Z‘WDL + 1.0 WLL
2
Wy X
(€) 2M. +MF + oMl + Ml + M + M > M o+ T
1 1 2 3 4 4 — H 4
w22 w9
(£) M. 4 2M] + 2MC + MT 4+ oM, + 2MT > M+ LB+ A B
1 2 373 a 5 2 My .
2 2
SR NN
(@) o2m. + M +2dt + D+ oM +om > oMo+ Ly L
- 17 M 2 T M 4 s 2 M 2
2 2
- + _ N WBLQ'B WAL'Q'A
: - >
(R)  2M] + 4M; + 2M3 + My + Mg > Mk X+
2
LN
)M 4 M ML+ M+ oM+ 2 > M+ —2
(1) My + My + My + My 4 5 2 My 7
2
- + _ _ + WALQ'A
' + >
(3) 2M) 4 AM + 2Mp M+ M > Mo+

(14)

The above equilibrium constraints may be represented by the

expression:
O(.Ji MJ _>__ wl
where
j = 1, number of design moments (N)
i = 1, number of equilibrium constraints (NEQ)

a,, = the coefficient of the jth design moment, M., in the

3 ith equilibrium constraint J

wi = the work done by the external forces in the ith equili-

brium constraint

and the repeated indices on the left-hand-side imply summation.
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The serviceability constraints place a lower bound on the
design moment capacities. The lower bound used in this design pro-
cedure is one suggested by Cohn, and it is imposed to prevent yield-
ing, wide cracking, and large deflection under service load condi-

tions [3]. Thus:

Mj > o MJ (15)
where
Mj = the jth design moment
M%E = the ordinate of the elastic moment envelope under
J service load conditions
AO = a factor that depends on the serviceability require-~

ments (a value of 1.2 was used)

The remaining constraints are imposed to (1) meet code require-
ments; (2) achieve a desired inelastic redistribution of moments; and

(3) obtain a practical design.

The adopted optimization procedure has the advantage of pro-
viding an experienced designer opportunity to use additional con-
straints based on his or her many years of design experience, The
following constraints were used in the design example.

At the beam ends:

0.5 IM;! < Im (M | (16)

<

- ]

This constraint bounds the positive moment capacity at a given
support section with respect to the negative moment capacity at that
section. The lower bound is based on code requirements (UBC 2626).
It not only recognizes the severity and cyclic (with reversal) charac-
teristics of the seismic excitation, but also represents an attempt
to include in member design the beneficial effect of compressive

reinforcement on the inelastic deformation characteristics of the
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member. The upper bound is based on practical considerations. As
will be indicated shortly, the negative support moment capacity is
bounded from above by the ordinate of the ultimate load elastic moment
envelope at the support. The positive value of this envelope is
always less than the corresponding negative value that would be
obtained under a 'symmetric' reversal of seismic moments because of
gravity load effects. As a result, it was decided to impose the same
upper bound constraint on the positive moment capacity as was imposed

on the negative moment capacity.

At beam midspan:

> 0.25 M
Mspan - support (17)
This constraint is based on code requirements that at least
one-quarter of the larger amount of support reinforcement be con-
tinued through the girder. For the design example this constraint

results in the following inequalities:

+
> .
M, > 0.25M
+
>
M2 > 0.25 M3
M > 0.25 *
5 2 0-25 M,
At the beam ends:
U
M, < MO© (18)
J - J

where M?E is the ordinate of the elastic moment envelope for the
ultimate load condition at section j. This constraint represents an
upper bdund on the design moment capacity and was imposed only on
the negative support moment capacities.‘ It was imposed to relieve
steel cdngestion at the beam column joint. The final practicél

constraint imposed was:
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IM;I > FAC (19)

Mz
Jabove

where

-UE

3
FAC = ———
-UE
M5
above

= the design moment at section j obtained in the
solution of the optimization problem for the story
above the current story j

Mjabove

This constraint is an attempt to incorporate the general design
criterion of a smooth transition in member strength and stiffness
through the height of the structure in the optimization problem.

A last practical constraint is imposed in conjunction with
the serviceability constraint. If the product AOM§E

the moment capacity corresponding to the minimum allowable percentage

is less than

of reinforcement (Mpmin)’ then the latter value was used as a lower

bound constraint.

Before continuing the presentation of the preliminary design
procedure the construction of a typical merit function is briefly

discussed.

3.3.5 Merit Function

The merit function consists of the sum of two components: the

* * %
beam contribution, Yir and the column contribution, Y; -

* *% 5
Y; <= Yt Y (20)
In the design example the beam contribution to the merit function was
determined from ultimate load elastic moment envelopes constructed

for typical stories through the height of the frame.

One such envelope is shown in Fig. 9. The first step in con-
structing the merit function is to choose the bar size to be used in

design in order to estimate development lengths and bar cutoffs. For
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the design example a #8 bar was selected, and the development lengths

are given by the UBC equations [2612(f)1l and 2612(g)]:

£
2 s o0.040a —X o > 0.0004 &, £ > 304 mm (12 in.)
d — b — by =

£

(21)
where

23 = development length for a bottom bar (in.)
Ay = bar area (in?)
fy = steel yield stress (psi)
fé = nominal concrete compressive strength (psi)
db = bar diameter (in.)

For the design example the first inequality controls, and for a

#8 bar, fy = 413.7 MPa (60,000 psi), and fé = 27.6 MPa (4,000 psi}:

%2 = 760 mm (30 in.)
The development length for a top bar, 23, is:
T B .
= .4 L7 = . .
Qd 1.4 P 1.06 m (42 in.)

*
The evaluation of a typical Yi is based on the UBC requirement

for reinforcement development (UBC Section 2612). In the following
it is assumed that the transverse reinforcement is detailed to permit
bar curtailment in tension zones [UBC (2612(b)6]. In addition,
because of the relatively small bar diameter assumed, and since at
least one~third of the negative moment reinforcement was continued
through each span, limitations at inflection points do not affect bar
curtailment [UBC 2612(c), 2612(d)]. The following example, based on

—%
the moment envelope in Fig. 9, illustrates the evaluation of Yi .

If bars are to be cut off in pairs, the steel required to

resist Mi must be continued to at least point A. However, in order
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to develop the full yield stress of all bars at the column face
(Fig. 9), these bars must be continued beyond the column face a
distance equal to the required development length, X

el
Fig. 9). In addition, the reinforcement must extend beyond the

{(point B in

point it is no longer required to resist flexure (point A in

Fig. 9), a distance £* equal to the effective depth of the member
or 12 bar diameters, whichever is greater [UBC 2612(b)4]. This
requirement accounts for the fact that, because of possible shifts
in the location of maximum moment and because of inclined cracking,
the tensile stress at a given section may be greater than that indi-
cated by the moment envelope. In this example 2* is equal to the
effective depth and the bars must be extended to point C. The cur-
tailment schedule for a given moment capacity is determined by
satisfying the above requirements for each possible bar cutoff, and

-
Yl becomes (Fig. 9):

- 5 - 1 - 1 ,- ' +
Y1 = Ryt T ALt A+ 5-241 + %-(5~£ ) + [2d] (22)

where the term in brackets accounts for bar anchorage into the
column and (1/2 %2 ) is used because the other half is added to

-t . * , ..
Y3 - The remaining values of Y; are evaluated in a similar way.

To include bar anchorage at interior beam-column joints, one-
half the calculated development length was added to the YI term of
both moment capacities at the joint. In practice, beam reinforcement
is typically continued through the column and only bars which are
cut because of a difference in moment capacity across the joint require
anchorage., In view of this, one-half the column depth (hc) should
be added to Y; corresponding to the smaller moment at the joint and
1/2 h, plus the development length of bars to be curtailed in the
joint should be added to YI.corresponding to the larger moment. How-—
ever, the 1argef moment capacity as well as the difference in moment
capacity was not known beforehand, and an approximation was required.

This approximation should depend on the size of the bar considered
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in design. In this example, it was felt that one-half the cémputed
development length would adequately reflect the contribution of bar
anchorage to a tjpical Y; (1/2 ﬁg contributes between 10% and 15% to
a typical Y;, while 1/2 h,, which is a lower bound on the correct
value, would contribute between 8% and 10%). In this development
bar splices have been excluded to simplify the construction of the

merit function.

From the UBC definition of development length it is evident
that 2d increases as the bar size increases. As a fesult, smaller
volumes of reinforcement are required to supply a given steel area
when smaller diameter bars are employed. In addition, smaller bars
will allow more curtailment of reinforcement, further reducing the
volume. Consequently, in terms of material used and expected seismié
behavior, in particular with respect to bond deterioration, it is
advantageous to use smaller bars if these bars are adequately re-

strained laterally by closely spaced ties.

A brief study in the effect of bar size on the optimization
solution indicated that the results in the intermediate and lower
stories were sensitive to the bar size assumed in the construction
of the merit function. Further study of the construction of the
merit function, in particular with respect to the definition of

developmeht lengths and bar cutoffs is necessary.

* %
The column contribution to the merit function, Yi , is found

on the basis of the weak girder - strong column design criterion.
The objective of this criterion is to limit as much as possible the
inelastic column behavior which requires that the sum of the desigh
column moment capacities at a given beam-column joint exceed a
function of the beam design moments at that joint. This function is
derived from joint equilibrium considering the critical combination
of possible beam hinging. Once derived the function is simplified
and multiplied by appropriate lengths, and is then added to the beam
contribution, YI, discussed previously, to yield the merit function.

In the design example different relationships for exterior and
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interior columns were required,
For an exterior column:

1 h

s ¢ (11 + it
C(Mj) = h_ * A e F . E lMll +§—fz; (lMll + lM3|) * PF

(23a)

For an interior column:

h
b 11 - + + -
cM) = g & °F - 5, 5<|M3| + | o+ g o+ |M4|)
hc - + + -
e g (Il + D]+ D3]+ D))
A
hc - -+
+§:-Q-—(]M4] + ]M4]) « PF (23Db)
B
where hy, hg, QA, KB, and Mj are defined in Fig. 10,
F = safety factor used in the design of columns for a
weak girder - strong column .design
Zc = clear column height (see Appendix A, Section A2.2)
PF = factor accounting for the effect of axial load on
moment capacity
¢c = code capacity reduction factor for columns

The derivation of these expressions and the simplifying assumptions

made are given in Appendix A.

The ratio hb/hc accounts for the effect of different beam
and column depths on the moment capacity. From eg. (12) it can be
seen that a linear relationship exists between the moment capacity

and member depth.

The choice of the factor F will vary according to the expected
ductility, the stress-strain characteristics of the steel, and how-

the beam moment capacities are evaluated. A value of 1.2 was used in
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the design example. A detailed discussion of the factors which should
be considered in the choice of an appropriate column overstrength
factor to ensure'a weak girder - strong column design is presented

by Park in reference 12.

The PF factors were determined from the geometric and strength
characteristics of the columns found in the starting preliminaﬁy
design. The moment amplification due to column slenderness effects
has not been considered in the PF factor since UBC 2610(1)7 required

that it also be included in the beam design.

The factor 1/¢c is included to account for the increase in

column design moments caused by the code capacity reduction factor.

In an attempt to average the effect of the four design moments
at a typical interior joint, the first bracket in eq. (23) was mul-
tiplied by 1/2. The actual column design moment would depend on
(IM;I + IMZ[) or (IM;I + IM;I), whichever is greater. An average
value is used in the merit function to prevent any bias in the opti~

mization procedure.*

The terms multiplied by the factor hc/ﬁa (@ = A or B) account
for the effect of beam shear forces on joint equilibrium. The
equilibrium equation also has a gravity term, but it can be ignored
in the merit function because it is independent of the design varia-
bles. These shear terms represent an average of the possible beam
shear forces due to lateral loads. It should be noted that the shear
terms are small and could be neglected. They are included here for
completeness. The construction of a typical merit function is illus-

trated by a numerical example in Appendix A.

*An average value was not used in the expression for the exterior
column because of the design constraint that Mj E_MI. In accord
with accepted practice a symmetric distribution of column steel is
assumed in column design. The amount of steel required for the
exterior column is determined on the basis of the critical combina-
tion of beam design moments, which, because of the above constraint,
always depends on Mj. Consequently, all the exterior column steel
is assigned for Mi. The effect of this characteristic of the merit
function on the solution of the optimization problem is now being
investigated.
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3.3.6 Summary of Optimization Problem

The optimization problem may be summarized as follows.

Find M, >0 j=1,N
which satisfies:

(a) equilibrium constraints

> i= j ==
O(,jiMj z (A)i j=1,N i=1,NEQ

(b) sexrviceability constraints:

[Mjl > m, j=1,N
where m, is the greater of |A0M§E! or 'Mpminl
(¢) practical constraints:
- + -
0.5 5] < Il < Il
IMepanl > 0.25 |Msupport]
-~ ~UE
M, < .
I
I
and minimizes the linear function:
My 20 §=1,N

An optimization problem is formulated for each story and then
solved with the aid of a standard Simplex algorithm. The optimum

girder moment capacities, Mj’ obtained are then used to design the

frame members.

3.3.7 Member Design

The beams and columns were designed using available computer
programs based on the following design relationships.

(a) Beam design

The beams were designed according to the equation:

Mu 9 £
— = bd £ 1~ 0.59 24
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where

¢ = 0.9, the UBC capacity reduction factor for flexural
members

d = efféctive depth

b = section width (assumed = t/2, where t = section depth)

P = percentage of flexural reinforcement (As/bd)

The term Mu is the optimized beam design moment multiplied
by an amplification factor, uF, to account for the column slender-
ness effects. The value of oy is determined from the column moment
amplification factors corresponding to the member sizes of the start-

ing design.

After the girders have been designed, their moment capacities

are evaluated and used as the basis of the column design.

(v) Column design

The columns are designed to ensure that the weak girder -
strong column criterion is satisfied. The following expression,
derived from equilibrium of a typical beam-column joint, is used to

relate the column design moments to beam moment capacities (Fig. 10):

D

T T B B D Mb
. . h > . —
Mc f(ﬁc, hb) + Mc f(Qc, p) > F f(Mb) + £ zb , hc
+ f(Wbe, hc) (25)
where
T B .
My Mc = top and bottom column design
moments
f(lg, b), f(ﬁg, hb) = functions of column height and
beam depth which account for the
effect of VI and VB on joint
s . . C c
equilibrium
F : = column overstrength factor (a value

of 1.2 is used)
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f(Mb) ; = a function of beam moment capaci-
ties computed on the basis of the
provided reinforcement which accounts
for the beam moments in joint equi-
librium '

+ h = a function of beam design moments,
span lengths (%), and column width
(h,) which accounts for the part of
the beam shear due to lateral shear
forces

oo

fwW 2 , h) = a functionh of beam gravity loads
b"b" "¢
(Wp), span lengths, and column
width which accounts for different
~gravity load shears in the joint
equilibrium equation

The three functions on the right-hand side of the above inequa-
1ity should be chosen to yield the_maximum possible column design
moments. That is, all possible combinations should be considered, and
the one which results in the largest value for the right-hand side should
be selected. It should be noted that column slenderness effects are
included in the above exXpression since the beams were designed to
supply moment capacities amplified to account for column slenderness.

The above functions are defined for various cases in Appendix A.2.2.

In the column design it is assumed that the reinforcement which
defines the column moment capacity is the same above and below a joint.
That is, all column splices occur near mid-column height. If boundary
conditions of the columns above (top) and below (bottom) a given joint
are assumed to be the same, the distribution of E:Mg to the top and
bottom column can be based on the following equation:

T B .
MC = B Mc (26)
where B is a moment distribution factor obtained from the distribution

of elastic stiffness at the beam~-column joint. For a typical joint:
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KT
TR
where
E I EIB
¢ c
2 2
szz sag
KT Ktotal KB Ktotal

EI, .
Kiotal ~ Z F * Z ;:2_~
b

beams columns ¢

and the subindices ¢ and b refer to columns and beams, respectively.

When a change in column section occurs through a joint, each
section is designed to resist its own design forces, and the larger
amount of reinforcement obtained is used for both columns. This
procedure is followed because it is assumed that column reinforcement

is continuous through the joint.

In order to consider all critical column load combinations,
a bound on the axial force due to overturning effects (tension and
compression) must be obtained. For an exterior column such a bound
is easily established. The maximum possible beam shear, which cor-
responds to a condition of hinging at both ends of the exterior beam,

can be expressed in terms of:

b+ )

Vtension - QA
(27)
- +
|+ g
v L E
compression %A

A bound on the column overturning axial force at a given story

is obtained by summing the maximum possible beam shear for the beams
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of all the floors above the given story.

Such bounds cannot be so easily obtained for an interior
column, however, and the overturning moment axial forces obtained in
the ultimate load elastic analysis used to formulate the preliminary'
design problem were considered in the interior column design. Once
known, the tensile and compressive overturning axial forces for a
given member are added to the respective gravity load axial forces

to yield and lower and upper bound design axial force.

In the colﬁmn design, the most critical combination of axial
load and bending moment was considered. The moment corresponding to
the code minimum eccentricity* was also checked to see whether it
controlled the design. The computer program used to design the
columns was based on the ACI ultimate strength design code [13].

A standard capacity reduction factor of 0.7 was used. This value
was increased for small axial loads, as allowed in UBC 2609(c)2D.
The column size was selected such that the column axial load would
be kept below the balance point of the axial force - moment inter-
action relationship, in order to have some ductility available in

case the column should yield.

3.3.8 Final Remarks

Preliminary design involves two iterative loops. The first
loop was discussed in Section 2.1.2 and is illustrated in Fig. 2.
Iteration is required because member sizes are needed to formulate
the optimization problem, the solution of which will generally result

in different member sizes.

A second iterative loop exists in the actual design. The
column design moments are based on the beam moment capacities which
depend on the moment slenderness amplification factors which are in

turn dependent on the column sizes. Since the sizes of the most

*UBC 2610(d)6 specified epip >1 in. (2.54 cm) or, for a tied
column, epin > 0.1 h, where h is the larger column dimension,
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recently designed members will generally differ from those used in
evaluating the initial slenderness effects, iteration is used to
arrive at a desigh in which the initial and final moment amplifica~-
tion factors are in close agreement. The following steps are

involved.

1. The moment amplification factors corresponding to the
design employed to formulate the optimization problem
are used to find the beam design moments.

2. The beams are designed and the beam moment capacities are
evaluated.

3. The columns are designed.

4. New moment amplification factors corresponding to the new
column sizes are determined and compared to the previous
values. If there is close agreement, the member design
is complete. If not, the member design is repeated with
beam design moments corresponding to the new moment
amplification factors.

3.4 Design Results

3.4.1 Starting Preliminary Design

As discussed previously, member sizes are required to initiate
the optimization process because various design constraints depend on
the results of elastic analyses and the construction of the merit
function herein is based on the envelope of elastic moments. In the
present application, the initial design was obtained by following the
procedure suggested in Section 3.3.3. An optimization problem was
formulated on the basis of the equilibrium constraints which result
when the moment capacity in a given span is assumed constant. For
the design example this assumption results in two unknown design
moments (the symmetry assumed in.Section 3.3.1 is also assumed here),
and the equilibrium constraints defined by eq. (14) reduce to:

N
G
16

(@) M, >
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(b) My 2 3

: >
() 4MA + ZMB 2z MH
2
L
WAL A
>
(4) GMA + ZMB > MH + 7
2 2
WBLSZ'B WALQ'A
+ 4 > +
(@) 6wy > My
2 2
WBLQB Wa *a
>
(£) 8MA+4MB_MH+ Tt
2
WBLQB
>
(g) a4y +4My > Mo+ —
2
WALQA
>
(h) 8MA + ZMB > MH + > (28)
where
MA = moment capacity in span A (also span C)
MB = moment capacity in span B

A merit function proportional to the volume of flexural
reinforcement was constructed. The beam contribution was taken as
the beam clear span plus required development lengths into columns.

The column contribution was taken as:

C(Mu) = F ¢ f(Ma) (29)
where
F = factor which ensures a weak girder - strong column
design
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) column height

f(Ma) = MA for an exterior column and

MA + MB for an interior column

The effect of the finite joint dimensions on joint equili-
brium have been neglected in the above expression for simplicity.
In eq. (29) it is assumed that the column reinforcement required to
provide a given design moment is twice the beam reinforcement required

to provide the same moment (Appendix A.2.3).

The beam design moments were found by solving the optimization

problem.

Find:

which minimizes:

Y.M

>
o — 0

and satisfies the equilibrium constraints:

> 1= =
G My 20y j=1,NEQ o =4, B
The results for the design examplekare shown in Fig. 11. The
frame members were designed on the basis of these design moments
following the procedure discussed in Section 3.3.7. The resulting

member sizes are shown in Fig. 12.

3.4.2 Results of Preliminary Design

The preliminary design, obtained after two iterations of the
optimization procedure (Fig. 2), is summarized in Figs. 13-16. The
optimization beam design moments are shown in Fig. 13, and the
resulting member sizes are shown in Fig. 14. Selection of member
sizes Waé based on the design criterion of a smooth transition in

stiffness through the height of the structure with consideration of
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the economics involved in formwork changes. For the design ekample
the member sizes were constrained to be constant for two stories,
Although for economic reasons the practice in the U. S. is to keep
member sizes, particularly the beams, constant for a larger number
of stories, indiscrimate use of this practice can lead to sudden
changes in strength and/or stiffness and thus result in a design
which is in conflict with the basic principle of achieving toughness

in the whole structure.

The final beam moment capacities* are shown in Fig. 15, and

the variation of column reinforcement is shown in Fig. 16.

The significant difference between the preliminary optimized
design moments (Fig. 13) and the final beam moment capacities
(Fig. 15)--ranging from from 1.3 to 1l.7--is due to three factors.
First, a code capacity reduction factor for flexural members of
0.9 was used in the member design. Secondly, the beam moments shown
in Fig. 13 were amplified to account for the column slenderness
effects. Amplification ranged from 1.06 in the upper stories to
1.25 in the lower stories. (Details are given in Appendix A.4.)
Finally, the use of practical formwork sizes and a limited number of
available bar sizes caused the selected beam size and reinforcement
arrangement to provide moment capacities greater than actually

required.

3.5 BAnalyses of Preliminary Design

3.5.1 Results of Elastic Analyses

An elastic frequency analysis of the designed structure
resulted in a first mode period of 1.21 sec. This value is somewhat
higher than the value of 1 sec assumed in determining the seismic |
design forces. However, in view of the shape of the design spectrum
used (Fig. 5), the design forces of a new preliminary design should

be smaller, but not significantly, than those used.

*T-beam effect of the slab on the beam moment capacity was not con-
sidered in the design.

-4]1~



The period ratios (Tl/Ti) and the mode shapes (Qi) obtained in
this analysis were also similar to those chosen initially. 1In
this frequency analysis and subsequent elastic and nonlinear
static and dynamic analyses, the effect of the floor slab on the
frame's stiffness was included by using a method proposed by Malik

and Bertero [14].

The results of an elastic analysis for service load conditions
(DL + LL + WL) yielded a maximum story drift index of 0.00026, well
under the established design criteria of 0.002. This clearly indi-
cates that the design for a severe earthquake ground motion leads to
an improvement in serviceability under other types of hazards (wind
in this case). This is a factor that is not usually recognized when

the extra cost for earthquake design is discussed or evaluated.

3.5.2 Results of Nonlinear Static Analyses

The nonlinear static behavior of the designed frame was
evaluated using a modified version of the program ULARC [15]. 1In
this analysis, member yielding was modeled by the formation of
localized plastic hinges at the member ends. The moment cuxrvature
relationship is assumed to be elastic, perfectly plastic. The
effect of axial load on the column yield moment, the P-A effect, and
rigid beam-column joints were included in the modified version of
the program. The frame was subjected to design gravity loads and
a monotonically increasing seismic base shear which was distributed
through the height of the frame according to the lateral force

pattern obtained from the spectral modal analysis.

Results of the nonlinear static analysis are summarized in
Fig. 17. Variations of roof and first story lateral displacements
with the increasing value of the base shear are shown in this figure.
Two analyses were carried out in order to investigate the P-A effect.
A comparison of the two roof displacement responses demonstrates. the
'negative stiffness' contribution of the P-A effect. This is par-
ticularly evident at large displacements [250-380 mm (10—15 in.)]

where the applied lateral force decreases with increasing displacements.
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A significant overstrength is observed whether oxr not the P-A
effect is considered, the maximum base shear was greater than the
design base sheaf by 55%. Two factors contribute to this overstrength.
First, the final beam strengths were, as discussed previously, sig-
nificantly larger than required. Secondly, the design forces were
based on the assumption that the entire frame would be transformed
into a mechanism simultaneously. An examination of the sequence of
hinge formation indicated that this did not occur. The first plastic
hinge formed at stage A-A', which corresponds to a base shear of
approximately one-half the design value. Subsequent hinge formation

was gradual and is depicted in Fig. 17.

The changes in the deformation pattern through the height of
the frame with increasing roof displacement level and the associated
plastic hinge patterns are of interest. From Fig. 17 it is evident
that the first story displacement response remained essentially
elastic throughout the analysis. This is consistent with the observed
hinge formation sequence (Figs. 18 and 19). Plastic hinges formed
initially in the upper stories and gradually progressed downward.
Consequently, the stiffness of the lower stories is affected by yield-
ing at a much later stage than that in the upper stories. 1In this
particular example the sequence of hinge formation is such that the

stiffness of the first story remains essentially unchanged.

The above observation is supported by the deformation patterns
in Fig. 20. The first pattern is the elastic pattern and corresponds
to point A-A; in Fig. 17. 1In going from A-A' to C-C' the deformation
pattern becomes slightly irregular but does not deviate significantly
from the elastic pattern, particularly in the lower stories. The
plastic hinge pattern at stages C-C' (Fig. 18) indicates that there
are critical regions at essentially every story which remain elastic
and prevent a significant change in deformation pattern. At stages
E-E', however, plastic hinges have formed at both ends of all beams
from story 5 to the roof, and the flexural stiffness of the individual

columns provides the only resistance to lateral deformation (Fig. 19).
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. As a result, the incremental deformation pattern of the upper region
of the frame is similar to that of a cantilever column. As the dis-
placement level is increased, this cantilever behavior continues in
the upper stories and extends downward as additional plastic hinges

form (stages M~-M' in Fig. 20).

In the static analysis, yielding was limited to the beams
until stages M-M' wherein the columns of the fifth story yielded
(Fig. 21). Subsequent increases in displacement resulted in a
partial sway mechanism of the part of the frame above this story at
a roof displacement of 680 mm (27 in.). Column yielding is due to
a change in the distribution of the beam moments between the columns
above and below a typical beam-column joint. This change, caused
by beam yielding, was such that almost the entire joint moment was

resisted by one column.

The column yielding demonstrates the difficulty in ensuring
an efficient weak girder - strong column design. Overdesigning the
columns by a factor of 1.7 with respect to the beams failed to pre-
vent column yielding prior to complete beam yielding. As is dis-
cussed in subsequent sections, this problem becomes even more pro-

minent in the dynamic response.

3.5.3 Results of Nonlinear Dynamic Analyses

The nonlinear dynamic response of the designed structure to
the E1 Centro N-S component and the Derived Pacoima Dam ground mo-
tions was assessed using SERF, a program developed by Mahin and
Bertero [16]. The accelerations of both ground motions were scaled
to have peak values of 0.4g and 0.5g. Although the frame design was
based on an effective peak ground acceleration of 0.4g, because of
the uncertainties involved in estimating the peak acceleration at a
~given building site, a peak acceleration of 0.5g was also considered
in order to evaluate the consequence of a more severe ground motion
occurring. It should be noted that while the El Centro ground motion
had dynamic characteristics represented by the ground spectrum |

selected as the design earthquake, the Derived Pacoima Dam motion
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did not [5]. 1In the analyses the following assumptions are intro-

duced:

1. Rayleigh-type damping with a 5% damping ratio in the first

two modes.

2. Both the beams and columns have a bilinear M-¢ relation-
ship with linear strain hardening. A strain hardening value of 5%
was assumed.* The effect of this parameter on the dynamic response

was investigated in the final design and is discussed in Chapter 4.

3. Column yielding is determined from the corresponding

axial force-bending moment interaction.
4. P-A effect is included.
5. Beam-column joints are rigid.

Based on the results of the dynamic analyses, the following

observations are made.

1. There was a significant difference in response for the
two ground motions considered. Although the maximum ground accelera-
tions of the two input motions were the same, the maximum displace-
ments during the response to the Derived Pacoima ground motion were
approximately three times those recorded during the El Centro motion

(Fig. 22). This demonstrates the need to consider all possible

~ground motions at a given site and also all characteristics (accelera
tion, velocity, and displacement) of these ground motions (not just
the peak ground acceleration) when selecting a design earthquake [5].
The long-duration pulses in the initial portion of the Derived
Pacoima ground motion caused severe inelastic behavior in one direc-
tion (Fig. 23) which, as will be discussed later, raises questions

as to the reliability of the design. The displacement time histories

at various floor levels are shown in Figs. 23 and 24.

*In reference 16, Mahin and Bertero evaluated the strain hardening
ratio on the basis of analytical moment-curvature behavior of the
frame members. They obtained average values of 2% and 3%. Based on
this work, a value of 5% may be considered an upper bound.
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Results of the nonlinear static analysis may be used to
obtain an estimate of the dynamic floor displacement ductilities.
The static base shear - roof displacement relationship is reproduced
in Fig. 25. If the first significant lateral yield displacement of
the frame is defined by the AYroof indicated in Fig. 25, and the
displacement pattern corresponding to this roof displacement is
assumed as the yield displacement pattern, the floor displacement
ductilities given in Table 1 may be computed. From these ductility
data it is evident that the Derived Pacoima ground motion causes
significantly larger (three times) inelastic deformations than the
El Centro ground motion. In addition, it appears that the displace-
ment ductility assumed in determining the seismic design forces is
exceeded during the response to the Derived Pacoima ground motion.
It should be noted, however, that the displacement ductilities given
in Table 1 are just estimates because of the different nature of the
responses during which the yield and maximum displacements were
determined, and these ductility demands should be used as guideline

values only.

2. Comparison of the envelopes of actual and design story
shears (Fig. 26) indicates that the dynamic story shears are greater

than the design forces. This is due to a number of factors.

(a) The members had been overdesigned; an increase in shear

capacity has already been revealed by the static analysis (Fig. 17).

(b) Strain hardening increased the moment capacity of the

members, particularly that of the beams.

(c) The story shear forces given for the dynamic response
are absolute maximum values at each story, and did not occur at the
same time during the response. The story shear distribution occur-
ring at any given time is generally quite different from the dis-
tribution indicated by the envelope. This is illustrated in Fig. 29,
which compares the story shear distribution occurring at the time
that the maximum base shear is reached with the envelope of story

shear for the Pacoima ground motion at O0.5q.
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(@) The design shear forces were determined assuming that the
entire frame was transformed into a mechanism simultaneously. As in
the static analySis, this did not occur in the dynamic response
either. Examination of plastic hinge formation during the dynamic
response to ground motion indicates that there is a migration of
plastic hinges from the base to the top of the building and that as
plastic hinges form in the upper stories, the hinges in the lower
stories close. For example,consider Fig. 28 in which recorded plas-~
tic hinge patterns during the response to the El Centro ground motion
are presented. It is evident that a complete or even partial mecha-
nism does not occur because the lower story hinges close before those
in the upper stories form. It should be noted that this is the prin-
cipal objective and advantage of imposing a weak girder - strong
column design criterion, i.e. to avoid formation of partial sway
mechanisms and thus reduce the possibility of large concentrated

inelastic deformations in the columns of one or more stories.

3. Comparison of the story shear envelopes for the two ground
motions (Fig. 26) indicates that the Pacoima ground motion resulted
in larger story shears, particularly in the lower stories. This
difference is attributed to the different characteristics of the two
- ground motions and the fact that strain hardening was considered in
the assumed member M-¢ relationships. Strain hardening increased
the beam moment capacities beyond those computed on the basis of
yielding of the reinforcement. Since the columns were overdesigned
with respect to the beams (by a factor of about 1.7), story shears
~ greater than those corresponding to the designed beam capacities
could result. The increase in beam moment capacity associated with
strain hardening is directly proportional to the magnitude of ine-
lastic deformation. Since the inelastic deformations recorded during
the Pacoima response were larger than those of the El Centro response,
the increase in beam moment capacity was greater during the former.
For example, strain hardening increased the beam moment capacity by

as much as 54% during the Pacoima response, while the increase during
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the El Centro response was less than 24%. Since the story shears
are proportional to the beam moment capacities, greater story shears

are expected during the Pacoima response.

4. Envelopes of the story drift index (Fig. 29) indicate

that the design criteria for Ru is violated during the response to

1t
the Pacoima ground motion with a maximum acceleration of 0.5g. The
large story drifts at the intermediate stories demanded by the Pacoima
ground motion indicates a high probability of severe nonstructural

damage.

5. Examination of the required column ductilities (Figs. 30
and 31) indicates that the weak girder - strong column design cri-
terion is satisfied during the El Centro response. Column yielding,
however, does occur at various locations during response to the
Pacoima ground motion and is attributed in part to the increase in
beam moment capacities caused by strain hardening. In addition, the
distribution of beam moments between the column sections above and
below a given joint was typically different from that assumed in
design. 1In design the beam moments at a given joint were distributed
to the columns at the joint on the basis of an elastic stiffness dis-
tribution factor (Section 3.3.7). However, higher mode response and,
as indicated by the nonlinear static analysis, formation of beam
plastic hinges can alter the moment distribution at that joint to
the extent that the sum of the beam moment capacities is resisted
by only one of the columns at the joint. This is illustrated in
Figs. 32 and 33 which depict the variation of column bending moments
through the height of the frame at two instances during the response
to the 0.5g Pacoima ground motion. Figure 32 gives the distribution
for an exterior column and Fig. 33 for an interior column. The cor-
responding plastic hinge patterns are indicated in Fig. 34. Both
moment variations indicate the difference between the actual dis-
tribution of beam moments to the columns at a joint and the dis-
tribution assumed in design. The difference is greatest in the upper

and intermediate stories, which is as expected since higher mode
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effects are more significant in these stories. As an example, con-

sider the exterior beam-column joint at the eighth floor in Fig. 32.
The column below the joint yielded just prior to 1.0 sec (t =_O.985

sec). This yielding is primarily a consequence of the large portion
of the joint moment which this column had to resist. At 1.0 sec the
exterior column below the joint was resisting more than 90% of the

joint moment (Fig. 32).

An additional example, which also illustrates the effect of
strain hardening on column yielding, is provided by the interior
beam-column joint at the sixth floor (Fig. 33). Although the column
below the joint resisted more than 80% of the joint moment, column
yielding probably would not have occurred except for the fact that,
as a result of strain hardening, the moment capacities of the two

adjacent beams at this joint increased by 54% and 25%.

Higher mode response during the Pacoima ground motion is
illustrated in Fig. 23 and also by the unloading and relcading of the
upper story beam plastic hinges depicted in Fig. 34 during the first

large acceleration pulse.

Another source of inconsistency between the moment distribution
assumed in design and the actual moment distribution is the assump-
tion made in the preliminary design that the end conditions of the
upper and lower columns at a given joint are the same. An examina-
tion of where column yielding occurred indicates that the effect of
different end conditions on the column moment distribution at a given
joint may have had an influence on column yielding. Yielding
occurred at story levels corresponding to columns with different
end conditions and in the column with the stiffer end condition.

For example, at the eighth story the upper interior column is re-
strained at its far end by a 355-mm x 710-mm (l4-in. x 28-in.) beam
and a 660-mm x 660-mm (26~-in. x 26 in.) column, while the lower
column is restrained by a 405-mm x 810-mm (16~in. x 32-in.) beam
and a 760-mm x 760~mm (30-in. x 30-in.) column. For a given joint

rotation the stiffer end restraint in the lower column would cause
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it to resist a larger moment than the upper column. In the design
of these and other sections which yielded, the beam moments were
distributed equally to the upper and lower columns. Therefore the

lower column was 'underdesigned'.

An attempt is made in the final design to eliminate thé-
problem of different column end conditions by designing the columns
based on a moment distribution found from an elastic analysis. How-
ever, the analysis of the final design, which will be discussed in
the next chapter, indicates that this factor had a minimal effect

on column yielding.

The magnitude of the inelastic column deformation (plastic
hinge rotation) in the upper stories was small, being less than
'0.003 rad. The accumulated rotation was essentially the same as
the maximum value, indicating just one large inelastic excursion.
The maximum plastic rotation in the columns at the ground level was

approximately 0.0l rad and could be tolerated with proper detailing.

6. The considerable difference in the effects that different
ground motions have on the individual members is illustrated by
analyzing the inelastic deformation behavior of the beams. For the
El Centro ground motion, the maximum cyclic curvature ductility,
u¢cyclic' is less than 9 (Fig. 35). However, in the response to the
Pacoima ground motion, values greater than 17.5 were obtained. This
trend is also indicated by the maximum plastic hinge rotation, epmax,
and the accumulated plastic hinge rotations, Gpacc (Figs. 36 and 37),

where:

5] = 2:|8P‘, N = number of yield excursions

For the El Centro ground motion, © was 0.0065 rad, and ePacc was

Pmax
0.033 rad, while during the Pacoima ground motion, the values were
0.020 and 0.06 rad, respectively. The large difference in erax
between the two ground motions demonstrates the effect that the long

acceleration pulses contained in the Pacoima ground motion had on the
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structure's response. These pulses caused the structure to deform
in one direction for a long period of time (0.56 sec) during which

it experienced large inelastic deformations.

The variation of inelastic beam deformation through the height
is also different for the two ground motions. For example, consider
the variation of maximum plastic hinge rotation (Fig. 36). In the
upper stories the variation of rotation is similar for both records.
However, at floor 7 the plastic hinge rotation begins to decrease as
one proceeds down toward the ground level for the El Centro ground
motion, but continues to increase for the Pacoima ground motion.

This is again a conseguence of the long acceleration pulses con-
tained in the Pacoima ground motion which, when suddenly applied to
the foundation, causes it to displace considerably with respect to

the upper part.

Comparison of the plastic hinge rotation demands with experi-
mental results obtained by several investigators [17;18] indicates
that the frame should be capable of safely resisting the El1 Centro
earthquake. Because of large inelastic deformation requirements,
however, the current structure might experience severe structural
damage and possible structural failure if it were excited by a ground
motion with characteristics similar to the Pacoima record and the
reinforcement were not specifically designed and detailed to develop

these deformations.

7. Nonlinear and linear=-elastic dynamic responses for a
~ground acceleration of 0.5g are compared in Figs. 38 and 39. The
elastic displacements are greater than the corresponding nonlinear
values for both the Derived Pacoima Dam and El Centro ground motions
(Fig. 38). The relative increase in displacement which occurred when
completely elastic behavior was assumed is inversely related to the
amount of inelastic deformation experienced during the nonlinear
response (Pig. 36). The increase is greater for the El Centro

ground motion (30%-60%) during which the frame experienced rela-

tively small inelastic deformations compared to those for the Pacoima

-51-



ground motion (5%-30%). In addition, for a given ground motion, the
increase was greater at stories where the inelastic deformations

were smaller (Figs. 36 and 38).

The maximum elastic base shear was greater than the inelastic
response by a factor of approximately two for the El Centro motion
and a factor of four for the Pacoima motion (Fig. 39). A comparison
of the maximum beam moments obtained in the elastic analyses with
the beam moment capacities obtained by the proposed design procedure
(Fig. 14) indicates that for the response to remain elastic, member
capacities would have to be increased by as much as four times for
the El Centro ground motion and by as much as seven times for the
Pacoima motion. The magnitude of these increases demonstrates the
economic necessity of relying on ductile inelastic deformations in

seismic design.

8. Ratios of maximum story displacements, story drift indi-
ces, story shears, and maximum beam plastic hinge rotations recorded
at peak ground accelerations of 0.5g and 0.4g are compared for the
two ground motions in Table 2. An examination of the data in Table 2
indicates that the story shear is increased by approximately 10% for
each of the ground motions as the peak acceleration is increased from
0.4g to 0.59. The increase is attributed to the increase in beam
moment capacities caused by an increase in strain hardening at the

larger value of peak acceleration.

The effect on the floor displacement response of increasing
the ground acceleration differs significantly for the two ground
motions (Table 2). The increase in floor displacements varied between
40% and 70% as the ground acceleration was increased from 0.4g to
0.5g for the Pacoima ground motion. During the El Centro ground
motion, however, the maximum increase was only 25%. This difference
is attributed to the degree of inelastic behavior caused by the
Pacoima ground motion, in particular yielding in the lower story
columns. These results clearly demonstrate that an error in the

estimation of the effective peak ground acceleration which might
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occur at a building site can lead to considerable underestimates of
deformation, particularly for ground motions with characteristics

similar to the Pacoima ground motion.

3.6 Summary

The results of the nonlinear dynamic analysis indicate that
the designed structure will be capable of resisting a ground motion
with characteristics similar to the El Centro record without suffering
extensive structural damage, and that the building will not undergo
severe nonstructural damage. However, significant nonstructural and,
possibly, structural damage would be expected in the lower and inter-
mediate stories if a ground motion with characteristics similar to the

Pacoima record should shake the building.

Long acceleration pulses such as those iﬁ the Pacoima ground
motion cause large inelastic beam deformations which lead to a number
of design problems. First, the large inelastic deformation require-
ments may lead to beam failures. This is particularly true in the
lower stories where the beam shears are high. Secondly, large ine-
lastic deformations result in large story drifts. The drift indices
recorded during the Pacoima response exceeded or approached the limit-
ing value of 0.0l15, indicating the possibility of significant non-
structural damage. Finally, the strain hardening associated with
the inelastic beam deformation increases the beam moment capacities
and contributes to column yielding. Column yielding is also caused
by changes in the beam-column joint moment distribution which are
attributed to the sequence of plastic hinge formation and higher

mode effects associated with the response to the Pacoima ground motion.

In general, column yielding is undesirable because of the
relatively poor inelastic deformational capabilities of columns and
particularly because of the possibility of partial sway mechanisms
developing, However, the extent of inelastic deformations in the
upper story columns is small (Op .. < 0.003 rad) with only one sig-

nificant excursion and well within the deformational capabilities of
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ductile reinforced concrete columns, A problem may arise in the
first story columns where plastic rotations of approximately 0.01 rad
are required. The detrimental effects of high axial loads and high
shear forces on the column inelastic deformation capacity may prevent
the development of a plastic rotation of this magnitude and cause
structural failure. It is felt, however, that proper detailing of

the column could prevent such a failure.

Design modifications should be made to eliminate the above
shortcomings in the current design when subjected to ground motions
like the Pacoima. The structure should be strengthened in order to
decrease the required inelastic deformations; i.e., the design forces
should be increased. This poses the problem of how to increase the
forces within the context of the proposed design procedure. In
reference 5 it is shown that the Pacoima ground motion is not
accurately represented by the chosen ground motion spectrum, in
particular with respect to the effective peak ground velocity. Rede-
fining the ground motion spectrum with a ground velocity more repre-
sentative of the characteristics of the Pacoima ground motion will
permit a systematic increase in design forces. These new design
forces should result in a stronger structure which does not have

the shortcomings of the current design.

The acceptable behavior during the El Centro ground motion,
whose characteristics are precisely the ones considered in the for-
mulation of the response spectra used in the design, is an indication
that the general procedure works and that the current preliminary

design can be used to formulate a final design.

The significantly different responses to the El Centro and
Pacoima ground motions clearly demonstrate that the problem that
remains to be solved is the development of more reliable design
earthquakes for ultimate state design. The significant increase
in deformation (70%) which occurred with an increase in peak ground
acceleration of 25% above that assumed in the evaluation of design

forces demonstrates the importance of obtaining an accurate estimate
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of the effective peak ground acceleration expected at a building

site when design is based on ductility.
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4. FINAL DESIGN PHASE

4.1 Intrxoduction

The objective of the final design phase is to arrive at the
'optimal' solution to the seismic design problem. Seismic design
forces are determined from characteristics of the structure found
in the preliminary design phase. These forces are then used in con-
junction with a more sophisticated subassemblage to formulate the
optimization problem from which the final design is obtained. Once |
a design has been obtained, a series of static and dynamic analyses
are carried out to check the overall reliability of the design and
to provide guidelines for proper detailing to ensure the ductile
behavior assumed in the evaluation of the design forces. The final
design procedure is illustrated in the following sections by applying

it to the example frame.

4.2 Final Design

4.2.1 Design Subassemblage

The subaseemblage selected for the final design is shown in
Fig. 40. It has been used by El-Hafez and Powell in a nonlinear
static analysis program [19]. They investigated the reliability of
this subassemblage in analysis and concluded that good results can
be obtained if the structure does not have radical changes in stiff-
ness. Since a smooth variation in stiffness is one of the basic
principles of seismic-resistant design, this subassemblage should

be applicable to the proposed seismic design procedure.

As in the preliminary design, a weak girder - strong column
design criterion is established, and the only design variables are
the beam moments. If the design symmetry assumed in the preliminary
design is also assumed in the final design, 16 design variables may
be identified in a typical subassemblage of the example frame
(Fig. 40).

‘Preceding page blank
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The solution of the optimization problem based on this sub-
assemblage yields one-half the moment capacity of a given section;
i.e., it is assumed that one-half of the moment capacity of each beam
section goes to the story subassemblage above the beam and the other
half to the story subassemblage below it. When the two subassemblages

are rejoined, the total moment capacity for that beam is recovered.

There are two advantages in using this subassemblage. First,
it involves more design parameters than the subassemblage used in
the preliminary design and, consequently, should provide a better
distribution of moment capacities throughout a particular story and
through the height of the structure. Secondly, the assumption that
the points of inflection occur at midheight of the columns, which is
inherent in the preliminary design subassemblage, has been eliminated.
As a result, this subassemblage should be more realistic than the one

used in the preliminary design.

4.2.2 Estimation of Lateral Story Shears

The dynamic characteristics of the structure found in the
preliminary design are used in conjunction with the design spectra
to evaluate the seismic story shears by the modal analysis procedure
discussed in the preliminary design phase. In this particular
example the dynamic characteristice of the preliminary design did not
differ significantly from those assumed in the evaluation of the
preliminary design story shears. Hence, the seismic design forces
used in the preliminary design (Fig. 6) are used in the final design

process.

4.2.3 Final Optimization

The formulation of the final design optimization problem is
identical to the procedure used in the prelimnary design. Briefly,
the optimization problem is: find the beam design moments (actually,

one-half the beam design moments) which:

1. satisfy a set of design constraints establisghed to ensure

equilibrium and a serviceable and practical design, and
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2. minimize a linear function of the design moments which

is proportional to the volume of flexural reinforcement.

In addition to the serviceability and practical constraints
imposed in the preliminary design, the practical constraint defined

by the inequality:

' support support

Mbelow l -z l above (30)

is imposed in the final design to ensure a smooth transition in beam
support design moments through the height of the structure. For the
design example this constraint results in the following six inequali-

ties (Fig. 41):
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4.2.4 Final Member Design

Final member design follows the same procedure outlined in the
preliminary design phase (Section 3.3.7). In the current example,
only the amount of reinforcement at the critical region was determined
in the final design because the member sizes established in the pre-
liminary design phase were considered acceptable. The relationships
used to design the members are the same as those used in the pre-
liminary design with one exception. The distribution of the sum of
the beam moments at a given joint to the column sections above and
below the joint was based on the results of an elastic analysis.

This represents an attempt to eliminate one of the factors thought
to be responsible for the column yielding observed in the analyses

of the preliminary design.

4.2.5 Results of Final Design

The beam design moments found from the solution of the
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optimization problem are shown in Fig. 4l. Comparison of these moments
with the preliminary design moments (Fig. 13) indicates the following

differences:

1. The subassemblage used in the final design results in a-
smoother variation in exterior span design moments in going from
story seven to story four. This is attributed to the additional

practical constraint imposed in the final design.

2. DNotable differences between the two designs occur in the
tenth, third, and second stories. Typically, the left exterior
support moments were larger and the interior support moments smaller
or the same at these stories in the final design. Differences at
these stories would be expected, however, because the assumption
inherent in the preliminary design subassemblage, that column inflec-
tion points are af mid-story height, is less likely to be true at

these story levels.

The as-designed beam moment capacities are given in Fig. 42
and the variation in column reinforcement in Fig. 43. The final
column design differed only slightly from that obtained in the pre-
liminary phase (Fig. 16). The most notable differences are in the
lower two stories where the exterior column reinforcement increased
and the interior column reinforcement decreased due to changes in the

beam design moments (Figs. 42 and 15).

To reduce the inelastic column deformation which was recorded
during the response of the preliminary design to the Pacoima ground
motion, the column reinforcement at the ground level was increased
above that required at the first floor to satisfy the weak girder -
strong column design criterion. In the preliminary design, the
steel at ground level was taken as the same as that required at the
first floor. The increase was limited by the established upper
bound on the amount of column reinforcement, i.e., P 5_0.04. There-

fore, the only difference was in the exterior columns.
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4.3 Reliability of Final Design

Only a limited series of analyses was carried out for the
final structure of the example problem because of the similarities
between the final and preliminary designs. 1In general the same
series of nonlinear analyses which was carried out to investigate the
acceptability of the preliminary design should be carried out to

evaluate the reliability of the final design.

The analytical results indicated that the gross structural
behavior of the final design (lateral displacement, story shears,
and story displacements) was virtually identical to that of the pre-
liminary design. 1In the time history analyses there were significant
differences in some member inelastic deformation demands, however.
In general, the peak demands obtained in the preliminary design were
eliminated in the final design. 1In the discussion that follows only
the significant differences in behavior between the two designs are

presented.

4.3.1 Nonlinear Static Analysis

The nonlinear static behavior of the preliminary and f£inal
designs was the same with the exception of the plastic hinge for-
mation sequence near collapse. In the preliminary design a partial
sway mechanism occurred in story five before all the beam hinges had
formed. 1In the final design, however, all beam hinges had formed
prior to any column yieldiﬂg, and the column plastic hinges were
scattered through the height of the frame and did not lead to a partial

sway mechanism.

4.3.2 Nonlinear Dynamic Analysis

The nonlinear dynamic response of the final structure sub-
jected to the El Centro and Pacoima ground motions was evaluated for
a peak acceleration of 0.5g. Strain hardening ratios of 5%, 1%, and
0.5% were considered in order to investigate the influence of this
parameter on response. On the basis of the results of the analyses

for a 5% strain hardening ratioc, the following observations concerning
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the difference in behavior between the final and preliminary designs

may be made.

1. A comparison of the envelopes of beam cyclic curvature
duectility is given in PFig. 44. The difference between the envelopes
follows the same pattern for both ground motions. For example, in
the exterior span the final design ductilities increased in the
upper stories and decreased in the lower stories. In addition, the
peaks observed at stories eight and six in the preliminary design
have been eliminated in the final design, indicating an improved
design. The observed difference in behavior between the two designs
is attributed to the changes in beam design moments. For example,
the negative interior design moment at story ten decreased from
745 k~-ft in the preliminary design to 607 k~ft in the final design,

while the curvature ductility increased from 5.2 to 8.2.

The changes in maximum beam plastic rotations follow a pattern

similar to the changes in curvature ductility (Fig. 45).

2. As in the preliminary design, column yielding occurred
only during the response to the Pacoima ground motion (Figs. 46 and
47). A comparison of the envelopes of column curvature ductilities
for the two designs indicates that the effect of using the joint
moment distribution found from an elastic analysis in the final
column design is minimal, indicating that strain hardening, higher
mode effects, and the sequence of beam plastic hinge formation are
the significant factors influencing column yielding. In order to
minimize the possibility of column yielding, 'dynamic magnification'
factors suggested by Paulay [20] may be used to determine ¢olumn
design moments at a typical joint. These factors, which generally
depend on the dynamic characteristics of the structure and the cha-
racteristics of the input ground motion, allow the inclusion in
the design process of the effect of higher mode dynamic response on

the column bending moment pattern.

The effect of the strain hardening ratio varied between the

two ground motions, being more significant during the response to
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the Pacoima ground motion. This is expected, however, since the
inelastic deformations during the response to this ground motion were
substantially larger than those which occurred during the El Centro
ground motion. The results for strain hardening ratios of 1% and
0.5% were essentially the same and the following discussion will be

based on comparisons of response for ratios of 5% and 0.5%.

Maximum story shears decreased as the strain hardening ratio
decreased from 5% to 0.5% (Fig. 48). The decrease was greatest for
the Pacoima ground motion in the intermediate and lower stories,
and is attributed to the fact that the increase in beam moment
capacity associated with strain hardening was less for the smaller
strain hardening ratio. For example, beam moment capacities increased
by more than 40% during the Pacoima response and by more than 15%
during the El Centro response when a strain hardening ratio of 5%
was assumed. The respective increases for a strain hardening

ratio of 0.5% were only 4% and 2%.

The maximum story drift index increased in the intermediate
stories and decreased in the upper stories during the Pacoima ground
motion as the strain hardening ratio was decreased (Fig. 49). During
the Bl Centro ground motion, R,1t increased at all story levels except

the ground story where it decreased slightly (Fig. 49).

Similar changes are observed in the beam plastic hinge rotation
envelopes (Fig. 50). These changes are attributed to the different
post-yield dynamic characteristics associated with the different

strain hardening ratios. This is discussed in more detail below.

The strain hardening ratio had a significant effect on the
story displacement response after the first large acceleration pulse
(Fig. 51). Although the second floor response for the two strain
hardening ratios 1is virtually the same, the other floor displace-
ments exhibit a severe residual negative displacement for a strain
hardening ratio of 0.5%. TFor example, the maximum positive roof

displacement decreased from 217 mm (8.5 in.) at a strain hardening

-63-



ratio of 5% to 25.4 mm (1.0 in.) at a ratio of 0.5%.

It should be noted that the decrease in R and Op in the
u max

upper stories which occurred as the strain hardenisg ratio was
decreased during the response to the Pacoima ground motion (Figs. 49
and 50) is related to the above difference in displacemént response..
For a strain hardening ratio of 5% the maximum values of Rult and

ep in the upper stories occurred after the first large acceleration
pulse (£t = 1.9 sec in Fig. 51). For a ratio of 0.5% they occurred

prior to or during the first pulse.

This difference in response is attributed primarily to the
different member post-yield stiffness associated with the different
strain hardening ratios. The order of magnitude difference in post-
yield stiffness associated with the strain hardening ratios con-
sidered here should result in a notable difference in structural
stiffness properties when significant yielding has occurred. In some
cases the post-yield stiffness associated with a strain hardening
ratio of 0.5% when combined with the P-A effect may result in a nega-

tive resistance function.

Examination of the incremental eguilibrium equation:

[M] ar + [Cy] dr + [Ky] dr = &p (31)

» where

[M] = mass matrix

[CT] = damping matrix

[KT] = tangential stiffness matrix

dp = load vector

di_ = acceleration vector

di = velocity vector

dr = displacement vector

indicates that since dp and [M] are the same, changes in [KT], which
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.will cause changes in the stiffness proportional part of [CTJ, will
change the response vectors dr, dé, and di, The extent of the

changes in the response vectors depend on the characteristics of dp
and the extent of the changes in [KT] caused by the different strain

hardening ratios.

The effect of varying the strain harderning ratio on column
yvielding is illustrated in Figs. 52 and 53. 1In the upper stories
and at the bottom of the third story column, yielding has been
eliminated during the response for a strain hardening ratio of 0.5%,
indicating that the increase in moment capacity associated with
strain hardening was a major factor influencing column yielding at
these locations. Column yielding does occur at some stories for
both strain hardening ratios and in some cases the required column
ductility increases for the smaller strain hardening ratio, demon-
strating that the effects of higher mode response and the sequence
of plastic hinge formation may also result in inelastic column beha-

vior.
4.4 Summary

The results of the final design indicate that a smoother
transition in strength may be obtained using a more sophisticated
design subassemblage. The use of a more elaborate design sub-
assemblage, for example using a two-story subassemblage, does not
seem warranted. From a comparison of the preliminary and final
design, it is felt that any improvement in design which might be
achieved would not be justified in view of the significant increase
in computational effect required to obtain the design. The dynamic
response of the final design during the Pacoima ground motion again
demonstrates the problems which can be caused in design by this
ground motion, particularly when there is uncertainty regarding the

actual value of the effective peak ground acceleration.
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5. CONCLUSIONS AND RECOMMENDATIONS

The proposéd design procedure permits the inclusion of the
important factors affecting and/or controlling selection of design
criteria which are in accord with the accepted general philosophy
of seismic-resistant design. Consequently, it provides an efficient
and rational basis for the seismic design of multistory moment-
resisting frame structures. The procedure's versatility permits
present design constraints to be changed and/or new constraints to
be added in order to obtain several preliminary designs in a rela-
tively short time which can be used as guidelines for the final design.
The subassemblage suggested for the final design provides smoother
transitions in strength than can be obtained in the preliminary design.

Consequently, it results in an improvement of the preliminary design.

In the development of this seismic design procedure, a number

of problems were identified which warrant further study.

1. The significant differences between the responses to the
Derived Pacoima Dam and El Centro ground motions demonstrates the
need to establish better design earthquakes for inelastic design,
particularly for building sites where ground motions with the dynamic
characteristics of the Pacoima Dam motion can occur. For these sites,
design earthquakes should take into account the severe long-

duration acceleration pulses contained in the Pacoima ground motion.

2. The considerable increase in deformation (up to 70%) which
was observed during the response to the Pacoima ground motion when
the peak ground acceleration was increased by 25% above that assumed
in the evaluation of the seismic design forces, points out the need
for more accurate evaluation of the peak ground acceleration expected

at a building site when design is based on ductility.

3. The relatively recent concern about a damageability 1limit
state creates problems with regard to its inclusion in the design

process. The precise definition of this limit state (the story

Preceding page blank
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drift index was used here) and how to incorporate it rationally in

design must still be decided upon.

4. The selection of the displacement ductility factor for a
multiple degree-of-freedom system should be examined more closely.
In particular, the consequences of varying the ductility factor

through the height of the structure should be studied.

5. kThe use of additional and/or different constraints in
the optimization procedure in order to obtain more practical designs
should be studied. For example, constraining of the beam moments
at both sides (faces) of the column at an interior beam-column joint
kto be equal should result in a more efficient distribution of beam
moment capacities with respect to practicality, economics, and
structural performance, because all bars would be continued through

the joint, and bar anchorage would not be required.

6. There is a need to improve the expression for the merit
function which will require the formulation of more practical rules
defining the cutoff point of flexural reinforcement than those which
are derived by satisfying present code requirements. The sensitivity
of the design solution to the merit function used should be deter-"
mined. For example, various techniques should be employed to con-
struct the merit function so that the resulting designs can be

compared.

7. The significance of the considerable overstrength that
is obtained using recommended code eqﬁations and values for the
different factors (¢, aF)'should be investigated. An additional
contribution to this overstrength arises from the convention of
using unfactored beam capacities in the column design. More rational
values than those presently used for the column overstrength factor,

F, should also be studied.

8. Participation of the floor system in the strength of the

beam critical sections (regions) should be investigated.

9. A better model than the two-component model is needed to
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predict member inelastic deformations. In addition, a model to account
for beam-column joint deformations, concrete as well as steel slippage,
should be developed. Also, the amount of strain hardening which

may be expected in real members should be determined and the design
parameters controlling this magnitude should be identified and their

influence quantified.

10. The current dynamic analysis program should be extended
to three dimensions in order to investigate the effect of torsion of
the whole structural system (building) on the reliability of the

design.

11. A comparison should be made between the proposed seismic
design procedure and those used in current practice, as well as
those suggested recently in the literature, with respect to the
volume and cost of materials required and to the structural response

to critical design excitations.
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TABLE 1. FLOOR DISPLACEMENT DUCTILITIES
(1 in. = 25.4 mm)
LATERAL LATERAL DISPLACEMENT
DISPL. DUCTILITIES, wu, UNDER
AT FIRST
FLOOR SIGNIFICANT DERIVED PACOIMA EL CENTRO
YIELDING
Ay (in.) 0.5g 0.49 0.5¢9 0.4g
ROOF 3.79 5.04 3.63 1.64 1.47
10 3.41 5.49 3.92 1.76 1.58
9 3.00 6.24 4.27 1.90 1.67
8 2.58 6.57 4.65 2.00 1.71
7 2.18 7.02 4.95 2.04 1.69
6 1.80 7.30 5.10 2.00 1.62
5 1.43 7.44 5.10 1.90 1.52
4 1.07 7.33 4.86 1.76 1.41
3 .70 7.10 4.50 1.61 1.31
2 .33 7.20 4.24 1.53 1.34
TABLE 2. RATIOS OF MAXIMUM VALUES FOR DIFFERENT RESPONSE
PARAMETERS FOR 0.5g AND 0.4g PEAK GROUND
ACCELERATIONS.
EL CENTRO PACOIMA
FLOOR ) 5
FLOOR DRIFT | STORY Pinax FLOOR DRIFT STORY Pmax
DISPL. INDEX § SHEAR BEAM DISPL. | INDEX SHEAR BEAM
ROOF 1.12 1.47 1.12 1.51 1.39 1.34 1.09 1.41
10 1.12 1.22 1.04 1.31 1.40 1.42 1.04 1.37
9 1.14 1.36 1.07 1.47 1.40 1.34 1.08 1.45
8 1.17 1.40 1.10 1.58 1.41 1.38 1.10 1.33
7 1.20 1.14 1.06 1.30 1.42 1.38 1.11 1.52
-6 1.22 1.20 1.05 1.30 1.43 1.35 1.10 1.42
5 1.24 1.25 1.06 1.32 1.46 1.35 1.09 1.38
4 1.25 1.26 1.09 1.91 1.54 1.39 1.10 1.40
3 1.23 1.27 1.10 2.38 1.58 1.49 1.11 1.50
2 1.13 1.14 1.04 4.75 1.70 1.70 1.07 1.80
Note: Maxima do not always occur in same directions for the

two peak ground accelerations.
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DESIGN LOADS

WIND LOAD: 25 PSF
GRAVITY LOADS: DL LL
ROOF I55PSF  20PSF
TYPICAL FLOOR 145PSF SOPSF
COLUMN FLOOR MASS
LINE | 2 3 4 (K-SECZ/IN)
™ ROOF 1.02
10 101
9 1Ol
8 1.04
ser? ? 1.04
=08 6 .08
5 108
4 1.09
3 1.09
+ 2 Li2
16"
FRAMES SPACED
th AT 27 FEET

fe— 25" —we— 30’ —sb—25' —]

(a)

Frame Elevation and Design Data

1 in. = 25.4 mm
1 ft = 0.3048 m
1 kip = 4.448 kN
1 psf = 0.0479 kN/m?
' 7@27' 0" -l
f- ——— T - —y- - T :;
) I = B e
FRAME FRAME
, ey
S G W S Wy W
L S S S S |

—
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(b} Typical Floor Plan

FIG. 4  TEN-STORY THREE-BAY FRAME
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APPENDIX A - DERIVATIONS AND COMPUTATIONS

A.l Derivation of Equilibrium Constraints

A.l.1 Preliminary Design Subassemblage

‘For the current design example, 5 independent mechanisms may
be identified in the preliminary design subassemblage: 3 beam mecha-
nisms (one for each bay) and 2 sway mechanisms (one for each possible
lateral load direction), Fig. A.l. The assumed symmetry of design

moments results in 3 independent equilibrium equations:

2
_ . - WAG'Q'A
>
My o+ 2M, + My > 7 (A.1)
and
2
WBG'QB
- +
M, + 2Mg > (a.2)
" where
WG = 1.4 WDL + 1.7 WLL
QA, QB = beam clear spans
h, h, h.
- + - + - + i i-1 i
> ¢ — Dy =
M, F M)+ Mgk Mg+ M+ M, > Fy 2+SHi-—l(2 + =) M,
(A.3)

The following effective combined mechanisms can be formed.

Double mechanisms:

a-d; b-d; c~-d; a-e; b-e; c~-e

a~b is not an effective combined mechanism and the combination d~e
does not result in a mechanism. Because of the symmetry of design

moments, loading,and geometry, only three of these six possible

combinations are independent:



where

b-d (Fig. A.2)

The resulting equations are:

w, %
+ >
M) b 2My b 2Mp 4 Mook M M > Mo+ —
2
- -+ + - - + WALQ’A
+
2Ml Ml+2M2+M3+M4+M4 2. MH+ 2
2
+ + WBL’Q/B
- -— - +
+ + + + + > +
M1 Ml M3 M3 2M4 2M5 z MH 2

= 1l.2W_ +1.0W
WL DL 1 LL

Triple mechanisms:

Of these four possible combinations, three are independent:

My

a-d-c; a-b-d; a-e~c; a-b-e

a~d-c
a-b-4a (Fig. A.2)
a-pb~e
The resulting equilibrium equations are:
- +

' +
+ 2M2 + 2M3 + M3

- +
+ >
+ 2M4 2M5 2 MH + 7 +

(. 4)

(A.5)

(r.6)

(A.7)



Wk w2
- + + _ _ N B, B 'AL
: >
M+ Mo+ My My ok M+ 2Mg > Mgt — (A.8)
2
%
_ N - . WAL A
+ 4 + + M + > M+ .
M, AL F2M kM H M > M > (3.9)
Quadruple mechanisms:
a~b-c-d; a-b-c-e
Both mechanisms result in the following equilibrium equation:
2 2
L 2
- . _ _ . WBL B WAL A
+ + > +
2Ml 4M2 + 2M3 + 2M4 2M5 > MH 2 + > (A.10)

A.1.2 PFinal Design Subassemblage

To find the equilibrium equations for the subassemblage used
in the final design, a computer program was written to automate the
above process. The program yielded 68 independent equilibrium equa-
tions for the final design subassemblage. Because of the signifi-
cantly larger number of equilibrium constraints associated with the
final design subassemblage, the computational effort necessary to
solve the resulting optimization problem will-be greater than that
required to solve the preliminary design problem. In view of this,
the design improvements which may be achieved by employing more sophis-
ticated design subassemblages should be weighed against the computa-

tional effort required to solve the resulting optimization problem.

A.2 Column Design Moments

The weak girder - strong column design criterion imposes a
functional relationship between the column and beam design moments.
The relationship, derived from joint equilibrium, is constructed to
ensure, to the extent that it is practical, that inelastic behavior
is limited to the beams. For the current example, three relation-

ships are required, one for the exterior beam-column joint, and two



for an interior joint. The derivation of these expressions are pre-
sented below. In the derivations the notation used assumes that all

variables are absolute values.

A.2.1 Exterior Columns

Consider a typical exterior beam-column joint (Fig. A.3).

Joint equilibrium requires that:

h h
T 7 Py B B b - c
+ VT — + = = + £
M S rM +V s M + Y (A.11)

If it is assumed that column inflection points are at mid-

‘height:
T oM B 2MP
v o= - and v = N (a.12)
L %
c c
where
KC = clear column height
then:
h h h
MT 1 + ___}2 + MB i+ ._b_ = M— + V __(_:_ (A.l3)
T B 1 1 2
% L
c c
Furthermore, if:
2t = B = g
c c c
eq. (A.13) becomes:
2 +nh h
c b T B - c
7 M+ M) = M1 + Vl 5 (a.14)
c
From equilibrium of the beam in span A (Fig. A.3b):
- +
M, + M W £
1 3 A'A
= +
Vl QA 5 (A.15)



Incorporating egs. (A.14) and (A.15) into eg. (A.13):
- B z h h
+ = ———' _—
(M M) 2 — M + (Ml + M ) + y WAQA

(A.16)

+ —
Since Ml E_M r €9. (A.16) will control the column design for

1
all possible load conditions.

A.2.2 Interior Column

Two possible load conditions exist. One case is depicted in
Fig. A.4. Employing the assumptions made in the derivation of

eq. (A.16), the following equilibrium equation is obtained:

T B ’Q'c - + hc hc
- — + V., — 4+ V. —
-+ M) Qc +h My * Myt V35 4 2 (2.17)

From equilibrium of spans'A and B (Fig. A.4Db):

v. = Ml + M, + WA.Q.'A
3 zA 2
(A.18)
.- M4 + M4 i WBQB
4 SLB 2
and eq. (A.17) becomes:
ﬁc { hc
M + M) = M, + M, + (M, + M)
L + hb 3 4 22A
h h
22 (M4 + M Yy o+ 2— (W 2 - WB,Q,B) (3.19)

However, the loading conditions indicated in Fig. A.5 may also
control column design and the following expression must also be con-

sidered:



T MB QIC + - hc - +
S AN {M3+M4+5£;‘M1+M3’

+—i1-<i Tt _)+E1§—(W5?/ -w g
28 My + M, 7 Wghg = Waly) (a.20)

A.2.3 Column Contribution to Merit Function

Equilibrium egs. (A.16), (A.12), and (A.20) are used to‘deter—
mine the contribution of the column reinforcement to the merit func-
tion. At a given beam-column joint, it is assumed that both MT and
MB contribute a length of reinforcement equal to one-half the column
height. .However, because the distribution of column reinforcement
is assumed to be symmetric about the centroid of the cOncrete cross
section, approximately twice as much reinforcement is required to
provide a given moment capacity for a column than for a beam. As a
result, the length of column reinforcement is taken as the full,

rather than half, column height.

The assumed relationship between moment capacity and steel

area:

M, = A f + ijd (A.21)

is linear in M and Ag; and also in Mi and d. To account for the
dependency of moment capacity on 4, the ratio of the beam and column
depths (hb/hc) is used as a‘factor in determining the column con-
tribution to the merit function, C(Mj). In addition, the following

factors are considered:

i) F ensures a weak girder -~ strong column design

ii) PF includes the effect of axial load onthe column
moment capacity

iii) 1/4)c accounts for the increase in column design
moments attributed to the code required capacity
reduction factor. The flexural capacity reduction



factor is excluded because the columns are designed
according to unreduced beam capacities.

The fact that the column reinforcement which is distributed
through the depth is less effective than the reinforcement in the

outside layer in resisting moment has been ignored for simplicity.
The following relationships result:

For an exterior column:

h

- . h
- b P L _c ’
C,(Mj) = 5 SLC F ? M + 22 (Ml + M ) PF (A,‘22)

and for an interior column:
h

b 141, - + - +
= — - = + + +
C(_Mj) 5 Slc F 3 3 (M3 M4 M4 M3)
C C
h h
o, +M +M +M)+ (M +M) PF

3
42 1 1 22B

(a.23)
The gravity load terms have been dropped in both expressions
because they are independent of the beam design moments. To prevent

any bias in the merit function, egs. (A.19) and (A.20) were averaged

to yield eq. (A.23). Finally, it was assumed that:

and the factor l/(Zé + hb) in egs. (A.16), (A.19), and (A.20) cancels

with the assumed length of column reinforcement.

A.3 Construction of Merit Function

A numerical example of the construction of a- typical merit
function is presented below. The merit function is given by the

expression:

Vol = Eyi M, (a.24)



The problem is to determine Yi for each design moment, Mi' In the
%
current procedure Yi comprises two parts: Yi’ the beam contribution

*%
and Yy v the column contribution.

A.3.1 Beam Contribution

The beam contribution to the merit function, Y;, is determined
on the basis of the ultimate load - elastic moment envelope. Typical
envelopes at a lower story are given in Fig. A.6. A typical YI is
the effective length over which the reinforcement necessary to pro-
vide moment capacity, Mi' is required. The term Y: includes bar
development lengths and also accounts for bar cutoffs.* Thus, it is
dependént on the bar size which is assumed in design. For the
example, a No. 8 bar is assumed. The development length, 22, for
a No. 8 bar is given by the expression:

£
> 0.04 A, —-/% (3.25)
3

[
c

B
zd
For fé = 27.58 MPa (4,000 psi) and fy = 413.7 MPa (60,000 psi),

the development length for a bottom bar, ld, is 762 mm (30 in.) and
for a top bar, 22, it is 1.07 m (42 in.).

Based on the constructions in Fig. A.6, the following expres-~

sions may be written:

L U 150 S A R G
Yy = 2 [211 + 6_221 + 3 231 + 3 241 + 3 (2 QA) + zd 1
*+ + 3 o+ B
Yy o= 2[Ry gyt ]
*4 +
Yy, = 2[ZA]

4T
* - 5 - 2 - 1 - 1 - d
Y3 = 2Dty v 3l v 53 G v

*Bar splices have been ignored for simplicity.



o
*y + 3 .+ d
Yy =205+ 7 Ry ]
oot 4297 + 297 s i s X« E;
Yo T2 78 %0 13 M3 44 )
B

S 2007+ 27 4 EQ ]
Yo T2t gt

* 4 +
Yy, = 2[2B];

(A, 26)

*4

: i *_ *_ *4
The last term in Yl ’ Yl ’ Y3 ’ Y3

*— * 4
r Yy o0 and Yq is included
to account for bar anchorage. A factor of 2 is included to account
for the other half of the frame. The lengths indicated in the above

expressions were determined graphically and are summarized below.

211 = 48 in. L = :
13 46 in.

01 = 18 in. 223 = 20 in.
£ = 16 in. 27 = 18 in
31 33 ‘
27 = 21 in. 27 = 22 in
41 43 :
L~ = 59 in.

A

gt - . + _ .
11 75 in. 213 = 76 in.
+ +

2 = i - :
51 46 in. 223 = 44 in.
o in.

A 27 in.
LT = 54 in. gt = 90 in.
14 14
27 = 18 in. 2F = 54 in
24 24 -
Q,— = 3 ) + _ .

34 18 in. &B = 19 in.
44 = 27 in.
[ = 46 in.

B



-
*
+

#

A.3.2 Column

5 2 1
2[48 + 8 18 + 3 16 + 5 21

2 (136 in.) = 272 in.

2175 +% (46) + 30] in.

2 (139.5) = 279 in.
2 (27) in.
54 in.
5 2 1
2146 + 2 20+ 5 18 + 3
2 (117 in.) = 234 in.
2176 in. +% 44 in. + 15 in.
2[124 in.] = 248 in.
2[54 in. +§6- 18 in. +-§- 18

+% (46 in.) + 211

2 (131 in.) = 262 in.
2{90 in. + g- 54 in. + 15 in.
2 (150 in.) = 300 in.
2{19 in.]
38 in.
Contribution _

The column contribution to the merit

from egs.

(2.22) and (A.23). For the story
hC (exterior) = 30 in.
hc (interior) = 34 in.
hb = 34 in.

% = 144 in.
%A = 268 in.

A-10

1
+-§ (30) + 421 in.

22 + %—(30) + 211 in.

]

+ i-27 in.

in. 2

]

function is determined

level under consideration:



L = 326 in.
B

lc = - hb = 110 in.
¢ = 0.7

The factor PF was determined on the basis of an average axial
force ~ moment (P-M) interaction relationship for the assumed column
size. The P-M interaction relationships for steel contents of 1%
and 4% were evéluated and approximated by the relationship shown in
Fig. A.7, and were then averaged. The minimum design axial force,
PD’ was estimated considering both gravity and seismic load effects,
and the PF factor was determined by finding the moment capacity at
this axial load, MD’ and then dividing it into the moment capacity

at zero axial load, MO:

PF = — (a.27)

For the story level in this example, PF was 1.0l for the
exterior column and 0.895 for the interior column. These values
are typical and, in view of the approximations involved in their
evaluation, the use of a PF factor may be an unnecessary refinement.
Its effect on the optimization solution should be investigated

further.
The term P was assumed to be equal to 1.2 (Section 3.3.5).

Substituting the above -data into egs. (A.22) and (A.23) the

following expressions are obtained.

For the exterior column:

34 in. 1 - 34 in. - +
= ———— in. . o + + .
C(Mj) 30 in. (110 in.) (1 2)(0.7 ‘{Ml 20268 in.) (Ml M3)} i.01
) - p - +
= 215 in. Ml + 0.06 (Ml + M3) (A.28)
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and for the interior column:

34 in. . 1 1 - + - +
= [ by . . e — M + + +
C(Mj) 3 in. (110 in.) (1 2)(0.7) {2 { 3 M3 M4 M4)
34 in. - + -+ - ‘ 34 in.
— s L
* 4(268 in.) (Ml + Ml + M3 + M3) 2(326 in.)

1, - + - + - +
= 179 in. - . + .
in > (M3 + M3 M4 + M4) + 0.032 (Ml + Ml
+ M E M) +0.052 (M + M) | A.29
3 37 7 4 4 : (n.29)

*%x
Y; 1is then:

* % .
Yy = 2 (215 in. + 14 in. + 6 in.)
= 470 in.
L Y .
Yy = 2 (6 in.)
= 12 in.
*% + o
Y, =
Rk -
Yy = 2 (90 in. + 6 in.)
= 192 in.
yZ** = 2 (90 in. + 6 in. + 14 in.)
= 220 in.
* k.
Y4 = 2 (90 in. + 9 in.)
= 198 in.
* %
Y, Y = 2 (99 in.)
= 198 in.
* % 0
Yg =

The factor of 2 is used because there are two exterior and

interior columns.



A.3.3 Merit Function

Yi is found by summing the beam and column contributions;

*

* * )
Yi = Yi + Yi (A.30)

For the example the resulting merit function is:

+ - +
+
742 Ml 291 Ml + 54 M2 + 426 M3 + 468 M3 + 460 M

4

-+
+ 498 M4 + 38 M5

A.4 Slenderness Effects

Moment amplification due to column slenderness effects is
included in the proposed design procedure by amplifying the beam
design moments. This is in accord with UBC 2610(1)7. The beam moment
amplification factor,uF,is evaluated according to UBC 2610(1)5. The

following relationships are employed:

C
™
6 = —%— > 1l.0 (a.31)
u
l - —
P
where
2
EI
P, = —— (3.32)
(k& )
u
Ech
o - 5 Csce (2.33)
1+ Bd :
Bd = ratio of maximum dead load moment to maximum design
load moment
Ig = moment of inertia of gross concrete section about

the centroidal axis
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I = moment of inertia of reinforcement about the centroi-

e dal axis of the cross section
kiu = effective length of column
¢ = capacity reduction factor
Cm = factor relating the actual moment diagram to an

equivalent uniform moment diagram. For the design.
example, Cm =1

The effective length, klu, depends on the rotational restraint
of the joints at the ends of the column. A measure of this restraint

is provided by the parameter, Y, which is defined by the expression:

2:(EIcol/'Qc)
o= W ‘ (A.34)
where
EIcol = flexural rigidity of column section
EIb = flexural rigidity of beam section

The summation is carried out for all members at the Jjoint.
In the current procedure, member stiffness (EI) for both beams and
columns is based on the gross section properties. The following
relationship suggested by Furlong was used to determine the effective

length factor k¥*:

20 - ¢
AV /
= B 1 + <
k 20 wav lpav 22
(a.35)
kK o= 0.9 V1+¥ Vo, > 2
where wAV is the average value of Y at the column ends; thus:
w = M (A 36)
AV 2 )

*R. W. Furlong, "Column Slenderness and Charts for Design," Journal
of the ACI, Vol. 68, No. 1, January 1971, pp. 9-17.
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It should be noted that eq. (A.35) applies to unbraced columns.

The above relationships have been included as a subroutine
in the column design program, and the values of § have been evaluated
for each column after it was designed. 1In the evaluation, § for the

entire story, § o is determined by the expression:

S

= ___.m____ (A.37)

6ST
1- LE
2P,

where the summation is for all the columns in the story. The value
of SST is compared to §, which is determined from individuwal column

behavior, and the larger value is used.

The § values obtained are used in the next iteration of the
design process to define the beam moment amplification factor, Op.
At a typical beam~column. joint, O is obtained by taking the average

value of § at the joint:

pove * Spel
o = apove 5 elow (A.38)

The term Op is used to amplify both the positive and negative design
moments at the joint. The span design moments are assumed to be

unaffected by slenderness effects.
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