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ABSTRACT

An investigation of the inelastic behavior of short reinforced
concrete columns is presented. The results of both experimental and
analytical studies are reported.

The experimental program was planned to evaluate the hysteretic
behavior of short reinforced concrete columns subjected to high axial
loads and cyclic shear forces. Column transverse reinforcement was
designed with the objective of providing a shear strength, as defined
by the UBC 1973 requirements for ductile moment-resisting frames,
which would be sufficient to develop the column moment capacity under
selected design axial loads. The columns were tested as components
of a one bay, two story subassemblage of a typlcal spandrel wall frame.
The magnitude of the axial load, the type of transverse reinforcement,
and the deformation history were varied to evaluate their influence on
column behavior.

All model columns tested experience significant inelastic defor-
mation, and all but one'develop the shear force corresponding to their
respective analytical moment capacity, before either a sudden diagonal
tension failure or a significant degradation in column shear strength.
Shear degradation is caused by either bond deterioration or a degrada-
tion in the longitudinal shear transfer mechanism. Cyclic stiffness
degfadation is associated with cyclic inelastic behavior. The results
demonstrate that spiral transverse reinforcement is more effective in
maintaining a membexr's shear strength than rectangular ties. Bond

deterioration, however, can still lead to significant shear degradation
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and create anchorage problems for thé longitudinal reinforcement in
spiral columns.

The intent of the analyti;al phase of the investigation was to
formulate a model which would facilitate the analytical study of
crack behavior, i.e., crack formation and propagation and the force
transfef across crackg, in reinforced concrete members. The analy—
tical model is‘based on the finite element method of structural analy-
sis. Concrete is modeled as plane stress finite elements and steel
reinforcement is modeled as bar elements. Nonlinear material behavior
of both steél and concrete is approximated. Concrete cracking is
included in the model by a crack line approach. Bona between steel
and concrete is included by using different nodes to define the steel
and‘concrete elements and coupling these nodes with dimensionless
bond-link elements. The shear forces developed across cracks by
aggregate interlock and dowel action of the reinforcement are also
modeled by using dimensionless links.

The solution strategy developed enables the changes in sﬁructure
topology, which are required to effect cracking in the model, to be
made within the context of an incremental solution process. In its
current stage of development, the cracking model has limited appli—‘
cation. Suggestions to remedy shortcomings which limit application

are made.
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shear span

hysteresis area

area of confined concrete core
area of longitudinal reinforcement
crack surface area

area of transverse reinforcement

section width

net width of concrete associated with one reinforcing bar

strain displacement transformation matrix
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1. INTRODUCTION

1.1 General

The performance of short reinforced concrete columns in structures
experiencing moderate to severe earthquakes in recent years has caused
concern for the adequacy of accepted design practices. After reviewing
recent experimental studies of concrete columns subjected to cyclic shear
forces and recent advances in the analyvtical modeling of reinforced con-
crete, the author conducted an investigation of short reinforced concrete
colurmns. The investigation consisted of an experimental phase and an
analytical phase.

In the experimental phase the behavior of short concrete columns
subjected to high axial loads and simulated pseudo~dynamic earthquake
loading is studied. The column transverse reinforcement is designed in
accordance with UBC 1973 requirements for ductile moment resistant frames.
Both rectangular tied and circular spiral types of transverse reinforce-
ment are studied.

In the analyvtical phase a finite element model is formulated to

study the cracking behavior of reinforced concrete members.

1.2 Experimental Phase

1.2.1 Practical Aspects

Short reinforced concrete columns are commonly found in spandrel-



wall frame systems. This structural system, which is used as the ex-
terior frames in low- to medium-rise concrete buildings, is character-
ized by deep spandrel-beams and short columns.* A number of concrete
frame structures in which the exterior framing consisted of spandrel-
wall frames exXperienced severe damage in recent earthquakes {4,5). 1In
most cases the columns in the lower stories failed in shear. The short-
ness of the columns, as well as the effect of axial loads were identi-
fied as factors influencing the failure.

In a major earthquake, the lateral deformations induced in a struc-
tural system by inertial forces will exceed the elastic capacities of
members and cause inelastic deformation. In moment resisting frames,
these deformations usually occur at regions of high bending moment which
are considered as plastic hinges. This hinging action is desirable if
the structural element is able to experience large inelastic cyclic de-
formation without losing its ability to resist at least the effects of
existing gravity loads. Reinforced concrete members may be designed to
perform in this way if sufficient transverse reinforcement is provided
to confine the core concrete and prevent brittle shear failures.

In short concrete columns a problem arises in preventing a shear
failure because the shortness of the column and the effect of axial load,
especially high axial loads**, cause the shear at the moment capacity to
be high.

A typical moment diagram caused by lateral loading on a moment re-

sisting frame is shown in Fig. 1.1. If the column inflection points are

* In this study short columns are columns with a span to depth ratio
{a/d) of less than 2.0.
*% In this study high axial loads are axial loads near or above the bal-
ance point of the axial force-moment interaction relationship.



assumed at mid height, the shear force Vy, which will cause the

yield moment, My, to be reached is given by the expression

V. =M_/h/2 1.1
g = M/

where h is the clear column height. It is evident from this expression
that the shear force for the same yield moment is greater in a short
column than it would be in a long column,

By definition, columns are subjected to axial loads. In reinforced
concrete the axial load affects the yield moment. A typical axial force
bending moment interaction relationship for a reinforced concrete member
is shown in Fig. 1.2, Prom this relationship it is seen that as the
axial load increases from zerxro to PB' the balance point axial load, the
vield moment increases from MO to MB. Consequently, in a column with an
axial load near PB' the shear force at the yield moment will be greater
than the shear force in the same column with a smaller axial load.

The axial lcad also affects the inelastic deformation capacity. The

curvature ductility u¢ defined by the expressicn

¢
y = L 1.2
Y
where
¢u = the curvature at the concrete failure strain
¢Y = the curvature at the initial yield of the longitudinal steel

is commonly used as a measure of inelastic flexural deformation. The

variation of u¢ with axial load for unconfined concrete is shown in Fig.
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1.2. It can be seen that the deformation capacity decreases as the
axial load increases.

The above discussion demonstrates that the shorter the column and
the higher the axial load below the balance point axial load the larger
the shear force will be at the yield moment. Although the contribution
of the concrete to the shear resistance increases with axial load, it
may be said that in general, for columns with the same cross sectional
properties, the shorter the column and the higher the axial force, the
larger the possibility of a shear failure. 1In addition, increasing the
axial load will decrease the deformation capacity.

The above effects of axial load and shear span to depth ratio have
been investigated in the past. 8Some of these studies are reviewed in

the next section.

1.2.2 Review of Past Research

Investigations into the behavior of reinforced concrete members
have been conducted for a number of years. Short columns have received
increased attention since the Tokachi-~-Oki earthguake in Japan in 1968 (4).
As indicated previously, a number of short reinforced concrete columns
experienced severe damage in this earthguake. Recent studies of the
behavior of reinforced concrete colqmns subjected to lateral shear férces
are reviewed below.

Yamada (6) studied the monotonic behavior of concretecolumnssub:
jected to lateral shear forces and axial lcad. The test model and load-
ing scheme is shown in Fig. 1.3a. Yamada investigated the effects of the
shear span to depth ratio (a/d}, the magnitude of axial load and the

amount of transverse reinforcement. The variation of these parameters



is summarized in Table 1.

The failures in columns with a/d ratios less than 2 were by
shear explosion. They were sudden and violent. Yamada concluded that
inelastic behavior improved with larger amounts of transverse reinforce-
ment, smaller axial loads and larger a/d ratios.

Yamada (7) later extended this study to include cyclic deformation
histories. He considered two histories. In one the model was subjected
to cyclic reversals at a constant deflection amplitude. In the other the
model was subjected to a series of incrementally increasing cyclic de-
flection amplitudes. The axial load and the amount of transverse re-
inforcement were also varied (Table 1). Shear explosion occurred in
both deformation histories. In the incremental history the shear explo-
sion was not as violent as in the previous monotonic tests, The inelas-
tic deformation before failure decreased for columns with higher axial loads
and with smaller amounts of transverse reinforcement. In the constant
deflection history the number of cycles to failure and the deflection
amplitude increased in long columns and in columns with smaller axial loads.
In his paper Yamada propésed that a transition from flexural yielding to
shear yielding is the criterion for shear explosion. The transition is
defined by a critical a/d ratio which depends on the axial load, the
strength of the steel and concrete, and the amount of longitudinal rein-

forcement. He also recommended that the transverse reinforcement ratio
= A /bs 1.3
o, we

where
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Aw = area of transverse reinforcement
b = section width

n
1

spacing of transverse reinforcement

be greater than 1% to provide sufficient ductility when the a/d ratio
indicates that shear yielding will occur.

Wight and Sozen (8) considered members subjected to cyclic shear
forces and constant axial forces. The test model and loading scheme are
shown in Fig. 1.3b. They investigated the effects of the amount of trans-
verse reinforcement and the magnitude of axial load (Table 1). Two load
histories were considered. In one the column was cycled at a displacement
ductility of 4. In the other the displacement level was increased in steps
to a ductility of 4. The columns were long, the a/d ratio being 2.8, and
the maximum axial load was small. They observed a cyclic stiffness degrada~-
tion and a pinching effect near zero load in the shear displacement hyster-
esis behavior. The stiffness degradation and pinching effect were less
prominent in models with higher axial loads. C(Cyclic shear degradation
occurred and was attributed to a deterioration of the core concrete. The
degradation was directly related to the amount of transverse reinforcement,
being smaller in models with more reinforcement. They recommended that the
concrete contribution to the shear capacity must be reduced for all mem-
bers subjected to shear reversals and should be ignored for members with
no axial load.

Hirosawa, Ozaki, and Wakabayashi (9) investigated the effects of the
a/d ratio, the amounts of longitudinal and transverse reinforcement and

the magnitude of the axial lcad on the cyclic behavior of reinforced



concrete columns (Table 1). The test model and loading scheme is shown
in Fig. l.3c. They consider an incrementally increasing cyclic dis-
placement history. They found that if enocugh transverse reinforcement
was provided to develop the shear force corresponding to the flexural
capacity of the column, the behavior was ductile. They concluded, how-
ever, that 1if Tmax , the nominal shear siress, was greater than 3.0 MPa

a brittle shear failure would coccur even if substantial transverse re-
inforcement is provided. Tt shouid be noted that the latter conclusion
was based on tests of columns with a nominal compressive strength of
20.7 MPa.

Xistli (10) considered columns at different story levels in a ten
story spandrel-wall frame. The magnitude of the axial load and the
amounts of transverse and longitudinal reinforcement were wvaried (Tabkle 1).
‘A two story-one bay subassemblage was used as the test specimen (Fig,
1.34). The test column was subjected to an increwentally increasing ser-
ies of cyclic displacements. All columns experience shear failures,

The columns in the subassemblages representing the upper stories of the
ten story prototype structure experienced more bhrittle shear failures,
i.e., the column behavior was less ductile. The columns in these sub-
assemblages had smaller axial loads than the columns in the lower story
subassemblages.

The above studies have identified the shear span to depth ratio
(0.6 to 2.8)*, the magnitude of axial load (0 to 1.1 PB), and the amount

of transverse reinforcement (pw = 0%, to 2.6%) as parameters influencing

* This ratio is a measure of the nominal shear stress a given section
must resist. In the range indicated above, the nominal shear stress
varied from 1.38 MPa ~ 13.8 MPa (0.2 ksi to 2 ksi).



inelastic behavior in reinforced concrete columns. In general inelastic
behavior improyed with longer shear spans, smaller axial load and larger
amounts of transverse reinforcement. There is a strong interaction be-
tween the latter two parameters. The results of Kustl (10} and Wight
(8) indicate that a decrease in axial force does not guarantee an im-
provement in behavior. The effect of axial force on cyclic concrete
shear strength must be recognized, and the transverse reinforcement de-
signed accordingly. The intent of this investigation was to obtain ad-
ditional information concerning the influence cf axial force and type

of transverse reinforcement on inelastic column behavior. The investi-

gation represents an extension of the work of Kustu (10).

1.2.3 Objectives and Scope

The major objective of the experimental phase of this investigation
was to study the inelastic behavior of short reinforced concrete columns
when subjected to high axiai loads and the shear forces induced by earth-
quake ground motion. In the course of the investigation it was desired
to evaluate the adequacy of the UBC 1973 requirements for ductile moment
resisting frames when applied to the design of short reinforced concrete
columns. Of pa;ticular interest was whether the amount of transverse re-—
inforcement provided in accordance with the UBC reguirements would pre-
vent the brittle shear failures observed in recent earthgquakes (4, 5) and
previous experimental investigations (6-10) and would permit significant
inelastic deformation to occur before failure .

The effect of different types of transverse reinforcement was also



studied.

A one bay two story subassemblage of a spandrel wall frame was
tested (Fig. 1.3d). The subassemblage contains one full coclumn length,
which was the element studied. It is felt that this particular sub-
assemblage provides a good idealization of a short concrete column as a
component of a moment resisting frame. A typical double curvature pat-
tern of deformation can be reproduced and beam-column joint behavior
is included. The test model was a half-scale model of a lower story
subassemblage of a 10 story prototype structure. The test model and
testing svstem are described in detail in Chapter 2.

Two column series, differentiated by the type of transverse reinforce-
ment, were tested. Rectangular ties were used as the transverse rein-
forcement in the R-series. A continuous cirxcular spiral was used as the
transverse reinforcement in the S-series. The column cross section in
both series was 305 mm by 305 mm (12 in. by 12 in.}) (Fig. 1.4).

Seven mcodels were tested in all, five in the R-series and two in
the S-series. Models 2R, 4R, and 1S were sublected to a monotonic de-
formation history. Models 3R, 5R, 6R and 2S5 were subjected to a cyclic
deformation history with incrementally increasing displacement amplitudes.

The moment-axial force interaction relationship for both the R and
S-series columns is given in Fig. 1.5. The balance point axial load*,
points B and B' in Fig. 1.5, was applied to models 2R, 3R, 4R, 15 and 2S.

Models 5R and 6R were subjected to axial loads less than the balance

*The balance point is defined as that combination of axial force and
bending moment at which the concrete compressive strain reaches its
assumed ultimate value and the tensile reinforcement reaches its yield
stress simultaneously. How the balance point and the moment axial force
interaction relationship were determined are described in Appendix B.
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point load. The magnitudes are indicated in Fig. 1.5. Properties of
the columns tested in this investigation are compared with those in
previous investigations in Table 1.

The results of the experimental program are presented and discussed

in Chapter 3.

1.3 Analytical Phase

Structural systems designed to resist moderate to severe earth-
quakes are usually expected to exhibit significant inelastic behavior.
A reliable analytical model should be available to determine the inelas-
tic structural response to the largest expected earthquake and to deter-
mine the amount of inelastic deformation members of the structural system
experience in this response. The analytical model should be based on the
mechanical characteristics of the component materials in order for the

model to be applicable to general problems.

1.3.1 Characteristics of the Hysteretic Behavior of Reinforced Concrete

A number of difficulties arise in formulating an accuréte analytical
model for reinforced concrete. Cracking of concrete, bond failure between
reinforcing steel and concrete, anchorage failures at joints, crushing
of concrete, yielding of reinforcing steel, £he confining effect of the
transverse reinforcement and the stiffness and strength degradation should
be included to obtain an accurate mathematical idealization.

To date most models for the cyclic behavior or reinforced concrete
frame members have assumed that the predominant deformation component

is caused by flexure. A common approach is to use stiffness degradation
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laws, dependent on the amount of inelastic deformation, in conijunction
with a 'virgin' force-deformation relationship, to rewresent the hyster-
etic behavior of flexural members. The virgin force-deformation relation-

ship is in most cases determined by

i. assuming a linear strain distribution.

ii. either neglecting concrete's tensile strength altogether, or
allowing a small tensile strength with cracking after it is
exceeded.

iii. wusing realistic stress—strain relationships for concrete and
steel.

A pinching effect in the force displacement hysteresis loops near
zero load i1s a common feature of the cyclic behavior of reinforced
concrete. The pinching effect is due to the fact that cracks formed
in one load direction remain open in the initial stages of a load rever-
sal. Most flexural formulations do not consider the opening and closing
of cracks and consequently will not reproduce the pinching in the hys-
teretic behavior. TIn flexural models which do consider the opening and
closing of cracks (13), only flexural cracking is considered and the
pinching due to inclined shear cracking is neglected. In addition all
flexural hysteresis formulations neglect shear deformations.

The results of the experimental phase of this investigation indi-
cated that shear cracking and its effect on the hysteretic behavior was
an important phenomenon in the response of short columns. In addition,
the column shear span to depth ratio of 1.5 implies that the column
shear deformations will be significant. The fact that the effect of

shear cracking and shear deformations are usually neglected in a flexural
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hysteresis formulation was considered a serious shortcoming to such an
approach. A more accurate approach for such problems appears to be a
finite element idealization in which nonlinear aspects such as crack-
ing, crushing, yielding, and bond degradation and bond failure are con-
siderad.

Recent studies based on both fle#ural hysteretic models and finite
element models are reviewed in the next section.

1.3.2 Review of Hysteretic Models

Recent analytical studies (10-13) of the hysteretic behavior of
reinforced concrete frame members have concentrated on modeling stiffness
degradation, a common characteristic of concrete members experiencing in-
elastic cyclic deformation, and on flexural deformations.

Stiffness degradation was congidered by Clough {1l) in 1966. Mo~
tivated by a desire to represent the stiffness degradation cbserved in
reinforced concrete members, he proposed degrading hysteretic behavior
based on a virgin bilinear force displacement relationship (Fig. l1l.6a).
The degradation in the loading stiffness was dependent on the previous
inelastic deformation. The unloading stiffness remained constant at the
value of the initial loading stiffness. Typical force-displacement loops
are shown in Fig. l.6a.

Takeda et al (12), in order to generate hysteretic behavior more
representative of reinforced concrete members, proposed a model which is
based on a trilinear virgin force displacement relationship and includes
a degrading unloading stiffness (Fig. 1.6b). Typical force displacement
loops are shown in Fig. 1l.6b.

Park and Kent (13} used a guite different approach. They divided
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a& typical cross section into layers, monitored the strain history of
each layer and idealized the hysteretic stress-strain behavior of con-
crete and steel. They assumed a linear strain distribution and were
able to generate moment curvature hysteretic behaviocr, from which force
displacement hysteretic behavior was calculated.

Kustu (10), in order to include the pinching effect associated
with shear cracking, proposed, in addition to a flexural hysteresis
law, a hysteresis relationship for deformations due to inclined shear
cracking. The virgin curve was a shear force-shear rotation relation-
ship derived from the stirrup strains across an assumed shear crack.

A degradation in the unloading stiffness of the shear force rotation
relationship was included. The shear and flexural deformation com-
ponents were considered independent. A pinching effect in the force
deflection hysteresis loops was produced. The degradation of the
unloading stiffness introduced through the shear model proved to be
insufficient, especially at large ductilities.

1.3.3 Review of Finite Element Models

The application of the finite element method to the analysis of
reinforced concrete behavior has received increased attention in recent
vears (14-22). A finite element model is attractive because it depends
on basic material properties and because it is possible to consider be-
havior such as progressive cracking, aggregate interlock, bond slip
between steel and congrete, dowel action and nonlinear material beha-
vior. Two general approaches, differentiated by how coricrete cracking
is modeled, exist. Work in both areas has been generally limited to

two-dimensional problems.
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i. Crack Line Approach

Cracks are actually formed in the crack line approach. Cracks
are included by node separation, i.e., two 'unconnected' nodes exist
at the same point in the finite element mesh. Recent work employing
the c¢rack line approach is reviewed below.

Ngo and Scordelis (14) demonstrated the feasibility of using the
finite element method to study the behavior of reinforced concrete heams.
They pérformed linearly elastic analysis of sinmply supported beams. In
these analyses both the steel and concrete were represented by constant
strain triangles, cracking was predefined and a physically dimensionless
constant stiffness linkage element was used between the steel and concrete
to incorporate bond slip. They found that variations in the stiffness of
the bond linkage elements had only minor effects on the beam deflection
and crack widths.

Ngo, Franklin and Scordelis (15) performed finite element analyses
of reinforced concrete beams with diagonal tension cracks. Both steel
and concrete were idealized as linear elastic materials. Bond slip was
included by using dimensionless constant stiffness linkage elements be-
tween the steel and concrete. They studied the effect of web reinforce-
ment which was represented by linear elastic bar elements, and aggregate
interlock, whiqh was included by using dimensionless constant stiffness
linkage elements parallel to the diagonal crack. Their analyses was con-
fined to beams with only one predefined diagonal crack. They found that
web reinforcement was effective only when there is a crack crossing it and
that web reinforcement decreases the maximum principal tensile stresses

in the region near the head of the diagonal crack.
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Nilson (16) extended the method of Ngo and Scordelis (15} to include
nonlinear material properties and a nonlinear bond slip relationship.
Concrete was modeled as a nonlinear orthotropic material. A maximum
stress criterion of failure for tension and a maximum strain critericn of
failure for compression were used, The tracing of crack propagation was
accomplished by redefining the finite element mesh manually when the
failure criterion was ﬁet at one or more points in the loaded member.
When the failure criterion was met the structure was completely unloaded,
redefined and relcaded from zero. The proposed model’s prediction of
stress distributions, displacements, crack history, crack extent and
crack width in a concentrically and an eccentrically reinforced member
showed good agreement with experimental data,

Ngo (17), in order to eliminate the tedious job of manually rede-~
fining a mesh to include cracking (16) proposed a finite element model
capable of automatically producing crack lines to simulate progressive
crack growth. He suggested a network topological approach as a unified
treatment for the various problems encountered in analyzing crack growth.
Although the cracking criteria, and crack geometry, were restricted due
to the simplified assumptions in modeling, satisfactory progressive crack
growth was still achieved.

The above work, employing the crack line approach, considered only

monotonic load histories.

ii. Crack Zone Approach

In the crack zone approach, the element stiffness properties are

modified to reflect a tensile failure in the direction perpendicular to
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a predicted crack. Recent work in this area is reviewed below.

Isenberg and Adham (18) proposed a composite reinforced concrete
element based on the properties of the reinforcing steel and plain con-
crete, and bond slip between the steel and concrete. Concrete was con-—
sidered an orthotropic material. The material axes were defined by the
principal stress directions and the effect of orthogonal stresses on the
material behavior was approximated. The steel was assumed smeared through
the concrete. Cracking was included by setting the constitutive modulus
in the direction perpendicular to a c¢rack to zero. Bond slip in elements
with steel was modeled by retaining a portion of the concrete stiffness
in tension after cracking. The smearing of the reinforcement makes this
model attractive for large structures which have nearly uniform steel dis-
tribution.

Valliappan and Doolan (19) applied the 'stress transfer' method to
the finite element analysis of tensile crack propogation in reinforced
concrete beams. The concrete was represented by triangular elements and
the reinforcing steel was represented by bar elements. Perfect hond was
assumed between the steel and concrete. Both materials were assumed to
be elastic perfectly plastic. A von Mises yield criterion was used in
biaxial compression. <Concrete cracking was included by assuming zero
strength and stiffness after the tensile failure criterion was met.

A constant stiffness iteration solution technique was employed.
Changes in the material properties due to cracking and yielding were
included by a stress transfer technique which eliminated the need to re-
form and retriangularize the structure stiffness in the iteration pro-

cess.
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Salem and Mohraz (20) proposed a finite element model in which the
'elastic’ modulus perpendicular to a predicted crack was zero. Concrete
was modeled by isoparametric guadrilaterals and idealized as an elastic
perfectly plastic material in biaxial compression. An octohedral
shearing stress yield criterion based on observed biaxial behavior of
concrete was used. Cracking was assumed to occur when thebprincipal
tensile stress exceeded the failure criterion. The crack was assumed
perpendicular to the direction of the principal tensile stress. An unload-
ing region for the concrete tensile stress-strain relationship was includ-
ed to incorporate the fact that the awverage tensile stress in a newly
cracked element is not zero. A reduction in the shear capacity of a
cracked element is achieved by using a reduced shear modulus. Steel was
modeled as elastic perfectly plastic bar elements. Bond was considered
by including dimensionlesg links. In comparisons with experimental
behavior they found that this idealization predicted failure loads well.
However, it was generally too stiff in deep members in which shear
deformation is important.

The preceding studies were limited to monotonic load histories.
Recent studies by Litton (21) and Darwin and Peéknold (22) have
considered cyclic load histories.

Litton {21) proposed a cracking element to predict the response of
reinforced concrete under cyclic loading conditions. The element moni-~
tored the opening and closing of cracks by decomposing the strain associ-
ated with a cracked element into an elastic part and a cracked part. The
constitutive equation for a cracked element was established by relating
the stress increment to the elastic strain increment. Reinforcing steel

was idealized as one dimensional bar elements with a bilinear stress-
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strain relationship. Results obtained using this model compared well
with monotonic experimental results. In a comparison with cyclic loading
experiments, the model reproduced the essential character of the hys-
teretic loops but overestimated maximum loads.

Darwin and Pecknold (22) proposed an inelastic composite material
finite element model for the cyclic biaxial loading of reinforced con-
crete. The concrete was modeled as an orthotroplc material. The mater-
ial axes were determined by the directions of the most current principal
stresses. The stiffness moduli of the orthotropic constitutive eqguation
were dependent on the existing biaxial stress condition. Stiffness and
strength degradation, characteristics of the cyclic compressive beh;vior
of concrete, were included. Cracking was modeled by setting the stiff-
ness modulus perpendicular to a predicted crack to zero. Shear transfer
across the crack was included by retaining a portion of the shear stiff-
ness after cracking. The crack width was monitored by accumulating
strains perpendicular to the crack.

The reinforcing steel was treated as an uniaxial material that was
smeared through the concrete. The steel stress-strain relationship was
represented by a bilinear curve to include the effect of stiain harden-
ing. Perfect bond between the steel and concrete was assumed. Analyti-
cal results compared well with experimental results for shear wall

structures subjected to both monotonic and cyclic loading histories.

1.3.4 Objectives and Scope

The objective of the analytical phase of the investigation was to

formulate a mathematical model to study cracking behavior in reinforced
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concrete members. The results of the experimental phase indicated that
crack propagation and the force transfer mechanisms across principal
cracks had a significant influence on the inelastic¢ member behavior.

As a result the formulation of a model which could be used to investi-
gate crack behavior was considered an important step in understanding the
overall member behavior.

The proposed model is based on a finite element formulation which
employs a crack line approach to model concrete cracking. Concrete is
modeled as plane stress finite elementgs and steel reinforcement is mod-
eled as bar elements. Nonlinear material behavior of both steel and con-
crete is considered. Bond between the steel and concrete and the shear
forces developed across cracks by aggregate interlock and dowel action
of the reinforcement are included in the model. The model is limited to
monotonic load histories.

The current development is intended to provide direction for future
work in this area. The proposed cracking model is simple and limited in
application. In the analyses carried out the solution strategy employed
to introduce cracking into the finite element mesh was evaluated and the
effect on crack behavior of various characteristics of the proposed model,
particularly the modeling of bond, aggregate interlock and dowel action
was investigated. Details of the analytical formulation and results are

presented and discussed in Chapter 4.
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2. DESCRIPTION OF EXPERIMENTAL WORK
2.1 General

The objective of the experimental program was to study the inelas-
tic behavior of short reinforced concrete columns subjected to high axial
loads and cyclic shear forces. The test model was a two story one bay

. subassemblage of a typical spandrel wall frame. The subassemblage con-
sisted of 4 half span beams, 2 half column lengths and 6ne full column
length (Fig. 2.1). This subassemblage was used previously by Kistl (105
in an investigation of spandrel wall frames. The components of the sub-
assemblage were designed to limit inelastic behavior and failure to the
full column length. It was felt that this subassemblage provides a good
representation of the deformation pattern and boundary conditions of a
column as a component of a lateral load resistant frame.

The model dimensions were determined from a ten stoxry, five bay
prototype structure designed according to UBC 1970 requirements. The
.design of the column cross-—section and the column longitudinal reinforce-
ment was based on the gravity and lateral loads in a lower story column
of the prototype structure (Fig. 2.2). The test model was a half-scale
model of the prototype subassemblage.

The model was tested in a horizontal position and was subjected to
guasi~static lateral loads which simulate the inertial forces induced by
earthquake ground motion. The model columﬁ was subjected to an axial load
to simulate gravity leoads. The axial load was kept constant during the

test. The effect of uniform gravity loads on the beam and column moments

Preceding page blank
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was neglected. Imposed forces, reactions, and model displacements and
deformations were recorded electronically in both digital and plotted

form.

2.2 Considerations in Design of Test Model

2.2.1 Idealizations

The fundamental objective in the design of the test model was to
adequatelyvrepresent the loading and boundary conditions of a reinforced
concrete column as a component of a spandrel-wall frame subjected to the
lateral forces induced by earthquake excitations. A typical moment dia-
gram for a structural frame resulting from imposed lateral loads (gravity
effects are neglected) is shown in Fig. l.la, A general double‘curvature
pattern is observed in the deflected shape of a typical subassemblage
(Fig. 1.1b). The location of the inflection points depend on the rela-
tive stiffness of adjacent frame elements. If the stiffness diétribution
is symmetrical and the loading pattern is anti-symmetric, the beaﬁ in-
flection points will be located at mid-span and they will remain at the
same elevation as the intersection of the beam and column centerlines.
Also the column inflection points will be at mid-height.

A major assumption in this idealization is that uniform gravity
loads on the beams do not appreciably affect the behavior of a frame
subjected to lateral loads. The results of a linear-elastic  frame
analysis of the prototype structure used in the design of the test model

indicated that the effect of uniform beam loads on the beam moments was
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significant but their effect on the moments in the lower story columns

was small, being less than 1% (Fig. 2.3). Since only the behavior of

the celumns was of interest, neglecting the influence of these gravity

loads on the frame moments is considered a reasonable assumption. IF,

however, the behavior of a frame subassemblage including the beams was

to be studied, neglecting the influence of uniform beam loads would be

questionable since a significant part of the real beam loading would be

ignored.

2.2.2 Model Selection

Based on the above idealizations, i.e. neglecting the effects of

uniform gravity loads on frame moments, and assuming that beam inflection

polnts are at mid span and column inflection points are at mid height,

the two story one bay subaggsemblage circled in Fig. 2.2 was chosen as

the test model. Advantages in choosing this particular subassemblage are,

a)

b)

It can produce a double curvature pattern of deformation in
the model column.

It includes one full column length with realistic frame-type
boundary conditions., The full column length permits the in-
vestigation of the column P-A effect. The frame-type boun-
dary conditions allow the study of bond slip, cracking and
other local beam-column joint behavior.

It facilitates easy modeling of boundaries. The subassemblage
boundary conditions are inflection points in the idealized
prototype structure, which, being points of zero moment, can

be modeled relatively easily in the laboratory as hinges.
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d) It results in a model which 1s statically determinant,
allowing direct determination of force components at any

section.

2.3 Design of Members

2.3.1 Prototype Structure

The model member designs were based on a prototype structure in
which the exterior framing consists of spandrel-wall frames. The height
of the prototype structure is 36.6m (120 feet), ten stories at 3.66m
(12 feet). Two factors influenced the choice of height. TFirst, typical
spandrel wall frame structures are medium rise and generally less than
36.6m (120 feet). Second, in the initial phase of this investigation (1Q)
UBC 1970 was the design code. One provision of this code allowed the de-
sign of reinforced concrete frames without extensive ductile concrete re-
quirements provided the total height of the structure was less than 48.8 m,
(160 feet).

A symmetxic 36.6m by 36.6m (120 foot by 120 foot) floor plan was
chosen for simplicity. The structural system consists of two exterior
spandrel-wall frames and four typical interior beam-column frames in each
principal direction (Fig. 2.4). It was assumed that the lateral load re-

sistance was provided by the spandrel-wall frames only.

2.3.2 Prototype Member Size

The cross-sectional dimensions of the beams were determined by archi-
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techtural considerations. The dimensions of the column cross section

and the column longitudinal reinforcement were determined by using

ACT 318-71 ultimate strength design requirements. The column design

loads due to gravity forces and the lateral forces caused by earthquake
ground motion were determined by UBC 1970 ultimate load requirements.

The design axial load, shear force and bending moment are based on first
story load conditions. An f; of 34.5 MPa (5,000 psi) and an fyof 413.7 MPa
{60,000 psi) were used. Details of the calculations are given in Appendix

B.

2.3.3 Scaling of Prototype

A scaling factor of 1/2 was used in the linear dimensions. This
scale factor proves convenient in that it allowed an easy conversion
from the prototype reinforcing steel to the test model reinforcing steel
and permitted the use of common construction materials in the test model.
For example a #8 deformed bar in the prototype becomes a #4 deformed bar
in the model.

Since the material characteristics of the prototype structure and the
test models were to be identical, a unit~stress factor was employed. The
scale factors between the test model and prototype structure are summar-—

ized below.

Length 1:2 (1)
Stress 1:1 (o)
Force 1:4 (g - )

Moment 1:8 _(O * L)
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A benefit of this model scaling was that the maximum forces which had
to be provided by the testing system were reduced to 1/4 of the forces

in the prototype structure.

2.3.4 Reinforcement Details

The prototype design established the model cross-sectional dimen-—
sions and the column longitudinal reinforcement. The column transverse
reinforcement was designed to insure that the moment capacity at the max-
imum axial load considered in this investigation could be attained before
a sheay failure occured. The maximum axial load considered in this study
was the balance point axial load of the column cross-section established
by the prototype design. The beam reinforcement, both the longitudinal
and transverse reinforcement, was designed with the objective of forcing
inelastic behavior and model failure to occur in the column. The design
calculations are based on the UBC 1973 requirements for ductile moment
resistant frames. Limiting code values are introduced wherever required.
Steel properties determined by stress strain tests of specimens cut from
the steel bars used in the investigation (Appendix A) were used in deter-
mining the balance point for both the rectangular tied and spirally rein-
forced columns. Details of the design calculations are given in Appendix
B. The final test member reinforcement details are shown in Fig. 2.5.

It should be noted that the weak column-strong beam design philosophy
is not conventional. The conventional approach is to force inelastic be-
havior into the beams by a strong column-weak beam design. The use of the

weak column design here is not intended as a recommendation for its use
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in design practice. It is used here because the inelastic behavior of
the column is being studied to determine if short reinforced concrete

columns can be designed to behave in a ductile manner.

2.3.5 Choice of the Balance Point

The choice of the balance point axial locad was based on the desire
to create the most unfavorable load conditions in the model column. The
balance point corresponds to a bending moment which 1s very close to the
maximum bending moment that a given reinforced concrete section may resist,
In the subassemblage to be tested, the column shear, V, is related to the

column end moment, M, by the expression
V = M/a ‘ 2.1

where a is the shear span and is equal to 1/2 the clear column height.
Since the flexural moment capacity corresponding to the balance
point axial load is typically a maximum, the balance point axial load will
typically maximize the shear force which may be applied to the model col-
umn. However, since concrete shear capacity increases as the axial com-
pressive force increases, an axial load other than that defining the bal-
ance point may be critical with respect to shear related failure, the type
of failure expected. This is not the case for the column cross sections
considered in this investigation. The increase in the concrete shear
strength, Vs with axial compressive stresslallowed by UBC 1973 is

compared in Fig. 2.6 with the variation of the flexural shear stress,
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vf*, with compressive stress for both column cross sectiong considered

here.. From Fig. 2.6 it can be seen that v_ increases more rapidly than

£
v, as the axial compressive stress increases from zero to the balance point

stress, and that the maximum difference between vC and v_. occurs very

£
near the balance point axial stress. The balance point should there-
fore be the most critical point with respect to a shear failure.

- Another factor considered in the choice of the balance point axial
load is the ability of a member to undergo inelastic deformation. As
discussed in Section 1.2.1, the axial load effects the inelastic defor-
mation capacity. For a column subjected to the balance point axial load,
the assumption that the maximum possible concrete strain is the crushing
strain of unconfined concrete would result in a curvature ductility, p¢,
of 1. A U¢ of 1 indicates that the member wi;l be unable to experience
inelastic deformation, a characteristic not desired in members designed
to resist lateral loads induced by earthquake ground motion.

But u¢ does not have to be 1 at the balance point. <Concrete, proper-
ly confined, can experience strains substantially larger than the cfushn

ing strain of unconfined concrete and still maintain a load. It is hoped

to determine what magnitude of u x) can be developed in columns sub-

¢(€ma

jected to high axial loads if the concrete core is adequately confined.

*v = M/abd

h

where = moment capacity
= shear span

column width

A oop R
!

= column effective depth
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2.4 Test Model
2.4.1 General

A plain view of the test model is given in Fig. 2.7. The model re-
presents a two storv-one bay subassemblage of a typical spandrel wall
frame. Points A and F represent the column inflection points at mid
height of the upper and lower stories, Points G, H, I, and J represent
beam inflection points at mid span of adjacent bays. The column length
between C and D is the element being investigated.

It was desired to simulate the lateral‘loads induced by earthquake
ground motion on the total subassemblage and to simulate the effect of
gravity loads on the model column only. To accomplish this the force
components indicated in Fig, 2,7 at points A, ¥, G, H, T, and J must be
provided. Imposed lateral loads required the horizontal force components
at A and F and the vertical foxce components at G, H, I, and J. Verti-
cal loads at A and T must be provided for gravity loads on the column.
In addition, the distance between GI, BE and HJ must remain the same if
the typical shear motion caused by lateral loading was to be réproduced.

How these conditions are met in the test model is discussed in the

next section.

2.4.2  Experimental Setup

A plan of the tegt system, including the test model, is given in
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Fig. 2.8. The end of the model where the axial load and horizontal
load jacks are_located is referred to as the upper end. The opposite
end, with the adjustable reaction links and associated reaction blocks
is referred to as the lower end.

The model was tested horizontally. It was supported on five low-
friction teflon pads located at A, B, C, D and E as indicated in Fig.
2.8. A sixth support point was provided by the lower column hinge. Five
reinforced concrete reaction blocks, prestressed to the floor, were used
to provide the necessary retraint for the hydraulic jacks and support
reactions.

The model was loaded at the upper end. The axial load was applied
to the column by means of a 1334 kN (300 kip) capacity hydraulic cylinder.
The cylinder was connected by hinges to the test model and its support
block. The hinge connection allowed ah unrestrained horizontal motion
at the connection peint, but the rotation of the load cyliﬁder results in
a horizontal force component proportional te the imposed displacement.
This lateral force is easily evaluated and was considered in the data
reduction. The axial load was controlled by a manually operated pump
and was kept constant during the test.

The lateral load was controlled by the horizontal displacement at
the center of the hinge at the upper end of the model. This displacement
is referred to as the model tip displacement. The lateral load was ap-
plied by a 890 kN (200 kip) capacity load cylinder, The cylinder was
double acting and had a 305 mm {12 inch) stroke in either direction.

The desired model motion was a shear motion between floors (Fig.

1.1b). The straight lines AC and DE in Fig. 2.8 would remain parallel
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in the shear motion.  Two 534 kN (120 kip) capacity double acting hy-
draulic cylinders between the beam ends (AD and CE) and two adjustable
length reaction links at the beam ends D and E were introduced to keep
the lines AC and DE parallel. The lengths of the reaction links were
long encugh so that the small horizontal displacements at D and E did not
alter the reaction in the links appreciably.

To insure that the desired shear motion between floors occurred, a
special closed loop displacement servo-controlled system was set up. The
column length between the points of intersection of the beam and column
centerlines was monitored continuously by a linear potentiometer. The
output from this potentiometer served as a master signal to the servo-
valves of the hydraulic cylinders between the beams. A change in the
column length activated the cylinders. When activated the c¢ylinders
changed the distance between the beams in the same sense as the column
length had changed. For example, if the column shortens the distance
between the beams would decrease.

Measurements of the distances between the beams (AD and CE in Fig.
2.8) by potentiometers similar to the one monitoring the column length
were used as feedback signals to the cylinder valves. The distances AD
and CE were initially equal to the column length between the points of in-
tersection of the beam and column centerlines. The feedback signals
provided by the potentiometers monitoring the distances AD and CE caused
the cylinder valves to close when the new distance between the beam
equaled the changed column length.

The above control system prevented the introduction of forces into

the beams by changes in the column length and insured that a lateral
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displacement at the upper end of the subassémblage resulted in a parallel
shear motion between floors.

bue to the rigidity of the reaction links at D and E, shortening
of the column stub at the lower end,caused by the initial application
of the axial load, introduced compressive forces in the links. Attempts
to eliminate these forces were not entirely successful and shear forces
were introduced into the beams. The forces were small [17.8 kN to 35.6

kN (4 to 8 kips)] and did not effect the column behavior.

2.5 Model Design Details

The final model reinforcement details are shown in Fig. 2.%a and b.
The model was symmetric about the vertical and horizontal centerlines.
The upper and lower column half lengths were shortened to 305 mm (12
inches). Hinges brackets at the ends increased the length to 457 mm (18
inches), half the typical column length of 914 mm (36 inches). Additional
longitudinal and diagonal reinforcement was provided in the column half
lengths (stubs) to insure that failure occurred in the full column length
rather than in the column stubs.

The diagonal reinforcement in the beams was provided to insure a
column failure by protecting against a shear failure in the beams.

The taper at the beam ends was necessary to allow the installation
of the 534 kN (120 kip) hydraulic cylinders. The distance of 0.91 m
{3 feet) from the c¢olumn face for the start of the taper was believed
sufficient to aveid any effects due to the change in beam stiffness on

the behavior of the subassemblage. The tie spacing at the start of the
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taper was reduced to alleviate the effecté of stress concentrations
which might bg caused by the change in cross section.

| The 356 mm by 356 mm (14 inch by 14 inch} blocks at the beam ends
were provided so that the reaction links at D and E and hydraulic
cylinders between BD and CE (Fig. 2.8) could be adeguately secured to
the beams and so that the forces produced by the hyvdraulic cylinders and

reaction links did not cause local failures at the beam ends.

2.6 Instrumentation and Test Procedure

2.6.1 Instrumentation

The testing system and test models were instrumented to yield the

following data:

i Applied loads and reaction forces
ii Displaced shape of the test model
iii Member deformations

iv Steel strains

i Load and Reaction Data

The column axial load, the applied lateral load and the beam
shears were measured. The column axial load was monitored by a
1334 kN (300 kip) capacity load cell attached to the cylinder
piston. The applied lateral load was measured by a 890 kN (200

kip) capacity load cell attached to the double acting hydraulic
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cylinder. The beam shears were measured by pairs of pressure transducers
mounted on the two 534 kN (120 kip) capacity hydraulic cylinders and by
two 890 kN (200 kip) load cells built into the adjustable reaction links.

The load and reaction instrumentation are illustrated in Fig. 2.10.

ii Displaced Shape

- Model displacements were monitored by linear potentiometers at the
points indicated in Fig. 2.10. The potentiometers were positioned so
that the contributions of the beams, column stubs and full column length

to the tip displacement can be identified.

iii Member Deformations

Average rotations of 152 mm (6 inch) segments of the column length
were measured by 'clip gages' mounted on rods which were placed in the
concrete during casting. The mechanism on which the rotationmeasurements
are based is given in Fig. 2.12. Column 'clip gage' locations are shown
in Fig. 2.11.

Beam rotations were measured by ‘clip gages' mounted on aluminum
frames pin~connected to metal tabs wepoxied to the concrete surface.

Beam 'clip gage' locations are shown in Fig. 2.11.

Cast in rods rather than epoxied tabs were used for the column rota-
tion measurements in order to obtain reliable data in the post-yield,
crushing stages of the test. The epoxied tabs could not be counted on
to measure the core concrete deformations after substantial cracking and
crushing had occurred because either the epoxy would fail and the tabs
would separate from the concrete, or the concrete to which the tabs

were epoxied would separate from the core concrete.
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iv Steel Strains

The model was instrumented internaliy by means of water resistant
microdot strain gages welded to the steel reinforcement. Both the longi-
tudinal and transverse steel were instrumented. Gage locations in the
8 and R-series columns are shown in Fig. 2.13. Curvature data obtained
from the longitudinal strain data was to be compared with average curva-
tures measured externally by clip gages. The gages on the rectangular
ties in the R-~series columns aided in detection of inclined shear crack-

ing.

2.6.2 Data Acquisition System

The data from all instrumentation was recorded at selected load
steps by a low speed scanner data acquisition system. The data was
printed digitally and punched on papertape. The papertape was used to
convert experimental readings to a more readable form.

The variation of lateral force with tip displacement was recorded
continuously during each test on an X-Y recorder. Similar recorders,
with the lateral force as a common axis, were used to continuously moni-

tor

i. the average curvature measured by c¢lip gages at the uppex
portion of the full column length (Fig. 2.11)
ii. the displacements of points 3 and 5 in Fig. 2.11
iii. a longitudinal steel strain (1 in Fig. 2.12a)

iv. a transverse steel strain (7 in Fig. 2.13a and 6 in Fig. 2.13b)
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Cracking patterns were observed visually and recorded by marking crack

propagation.

2,6.3 Deformation History

One of the parameters studied in this investigation was the deforma-
tion history. Two deformation histories were considered. DModels 2R,
4R and 18 were subjected to a monotonic history, referred to as history
I (Fig. 2.14a). The model was loaded in one direction until a tip dis-
placement 4 times the cobserved yield displacement* was imposed. The load
was then reversed and an equal displacement was imposed in the opposite
load direction. After the full reversal the model was reloaded in the
initial direction. The extent of additional loading was determined by
the condition of the model at this stage of the test.

The vield displacement was taken as 22.9 mm (0.9 inches) in the first
test of a model subjected to history I (2R}, and 91.6 mm (3.6 inches)
was the maximum displacement imposed. A maximum displacement of 91.6 mm
was imposed in the subsequent models subjected to history I in order to
make comparisons among the different models.

Models 3R, BR, 6R and 25 were subjected to a series of incrementally
increasing c¢yclic displacements. This deformation history is referved
to as history II. A graphical representation of typical cyclic displace-
ments are shown in Fig. 2.14b. The displacement levels range from 5.1 mm
to 76.2 mm (0.2 to 3.0 inches).

The effects of different deformation histories on the behavior of
reinforced concrete structures is not well known. Therefore, it is not

possible to define a typical or critical load history for testing pur-

* The yield displacement is defined in Section 3.1.
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poses. However, it is believed that valuable information can be gained
by comparing the behavior of models subjected to cyclic and monotonic

load histories.

2.6.4 Testing Seguence

The axial load was applied first and was held constant for the
duration of the test in both deformation histories. The lateral load

(displacement) sequence 1s presented below for each of the deformation

histories.

i. History I

The load was increased in 66.7 kN (15 kip) intervals until yielding
was observed, After yield the displacement was increased in 12.7 mm
(1/2 inch) increments until the maximum displacement was reached. The
same load and displacement increments were used on reversal. The load-
ing process was incremental so that the instrumentation could be read.
Readings were taken at zero displacement and at the maximum displace-

ment in a particular direction during loading after the full reversal.

ii. History II

A typical loading sequence, in which A is the model tip displacement,

is given below.

a. take zero readings prior to any imposed displacement, (4=0)

b. load in the positive direction until reaching A = +Ai. Take
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a full set of readings. Unload until A = 0 after taking
readings. Again take a full set of readings.

c. Load in the negative direction until A = ‘Al' Take readings.
Unload until A = 0. Take readings.

d. Repeat cycle cutlined in b and ¢ three times without taking
any readings.

e. Repeat a fourth time, taking all the readings indicated in
a, b, and c.

£. Repeat sequence a-e for each displacement increment. Dis-
placement levels of 5.1 {0.2), 10.2 {(0.4), 15.2 (0.8), 20.3

(0.8), 25.4 (1.0), 31.7 {(1.25), 38.1 (1.5), 44.4 (1.75), 50.8

(2.0}, 63.5 (2.5) and 76,2 (3.0) mm (inches) were imposed.

2.7 Model Column Data

A summary of the mechanical characteristics of the concrete and
steel, the applied axial load, the moment and shear capacity, and the
deformation history for each model is given in Table 2.

The concrete compressive strength, found from tests of 152 mm X
305 mm (6 inch x 12 inch) cylinders, ranged in value from 32,4 MPa to
36.5 MPa (4700 psi to 5300 psi). The average yield strength of the
longitudinal steel was 496 MPa (72,000 pgi) for the rectangular tied
columns and 538 MPa (78,000 psi) for the spirally reinforced columns.

The model axial load ranged from 1067 kN (240 kip) to 640 kN
{144 kip), corresponding to nominal compressive stresses of 11.5 MPa

and 6.2 MPa (1670 psi and 1000 psi) respectively. Balance point axial
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lecads are indicated by *.
The column moment capacity was determined by using the measured

material properties and by assuming:

a} A linear strain distribution

b) Zero concrete tensile strength

c) B parabolic stress-strain relationship for concrete, with a
linear descending branch (Fig. 2.15a). The descending branch
of the stress-strain relationship is based on an idealization
of the improvement in inelastic¢ concrete behavior due to the
confining effect of the transverse reinforcement (12)

d} A linear elastic perfectly plastic steel stress-strain law

(Fig., 2.15b).

The shear capacity in column 7 of Table 2, referred to as the flex-

ural shear capacity, V. is the shear force corresponding to the moment

F

capacity given in column 6, and is defined by the expression

VF = M/a 2.2
where a = hc/2
h = the clear column height [914 mm

(36 inches)]

VF for models 2R, 3R, 4R, 18 and 2S is slightly larger than that used

in the design of the column transverse reinforcement (Appendix B). The
difference is due to the different concrete stress-strain idealizations
used in determining the respective moment capacities. The moment capa-

city employed in the column design was determined on the basis of an un-
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confined concrete idealization while, as indicated above, the moment
capacity in column 6 was determined on the basis of a confined concrete
idealization. Typically, because the slope of the descending branch of
the confined concrete idealization is not as steep as that for unconfined
concrete, the confined concrete idealization results in larger moment

capacities.
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3. EXPERIMENTAL RESULTS

3.1 Preliminary Remarks

The results of the experimental program are presented and discussed
in this chapter. As discussed in Chapter 2, the test model consisted of
a two story-one bay subassemblage of a typical spandrel wall frame and
the model beams and half length column segments were designed to limit
inelastic behavior and failure to the full column length (Fig. 2.1).
Test results indicated that this design objective was achieved and the
following discussions will therefore concentrate on the behavior of the
full column length. In these discussions two definitions of model fail-
ure are employved. First, failure defines that point in a test at which
the model column is unable to regsist the original (design) axial load.
Failure is also used to define the point in a test at which the original
column shear resistance has decreased significantly.

The latter definition of failure was determined during each test
and was based on the shape and stability of the shear force-tip displace-
ment relationship and the general condition (visual) of the model column.
This definition was established primarily to prevent damage to the elec-
tronic instrumentation. For purposes of comparison in the following
discussions failure is assumed to be that point at which the original
column shear resistance had decreased by 50%. Models for which this
definition of failure applied were generally tested beyond this point.
The shear resistance continued to decrease in all cases in which testing

was continued.
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Before beginning the discussion of column behavior, the term yield-
ing deserves some comment. As used herxe, ylelding refers to the initia-
tion of significant inelastic behavior and is indicated by a flattening
of the force-deformation relationship under discussion (Fig. 3.1) . The
model yield displacement is defined as the displacement level at which
yielding of the tensile reinforcement is first indicated by steel strain

data.

3.2 General Description of Column Behaviox

The general characteristics of column behavior prior to failure may
be illustrated by referring to the variation of applied shear force, H,
with tip displacement, A. It should be noted that A is a measure of the
response of the total subassemblage and does not depend solely on the
column behavior. However, since inelastic behavior was limited to the
model column, A should reflect the inelastic column behavior.

As illustrated in Fig. 3.2, the relative story rotation, R, is

defined by the expression

R = A - A_/h 3.1
3 5/ ]
where
A3 = the measured displacement at upper
end of the column
A5 = the measured displacement at lower
end of the column
hC = clear column height

The parameter R provides a better measure of inelastic column behavior
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and is discussed in Section 3.6.1. A brief discription of the H-A
behavior in both the monotonic and e¢yclic deformation histories is

presented below.

3.2.1 Behavior under Monotonic Deformation History

Models 4R and 1S were subjected to their respective balance point
axial loads [1068kN and 890kN (240 kip and 200 kip) respectively] and the
monotonic deformation history. After application of the axial locad, P,

H was applied in 66.7kN (15 kip) increments., As H was increased, flexﬁral
cracks and eventually diagonal tension cracks formed and propagated at
both ends of the column in the vicinity of the beam—column joint (Fig.
3.3 and 3.4). A summary of the load intervals in which flexure and
inclined cracking were first observed is given in Table 3. Crack
formation and propagation causes the gradual stiffness degradation in
the H-A relationship shown in Fig. 3.5. At a A of approximately 25.4 mm
(1 inch), vielding of the longitudinal reinforcement and inelastic
concrete deformation {(spalling of the concrete cover was observed) causes
the column regions adjacent to the beam—ccolumn Jjoints to behave as
plastic hinges (Fig. 3.6}. This results in a significant reduction in
the subassemblage stiffness as is evident by the flattening of the H-A
relationship. The behavior of Models 4R and 1S was somewhat different
after the formation of the plastic zones at the column ends and is

discussed in Sections 3.3 and 3.4.
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3.2.2 Behavior under Cvelic Deformation History

The behavior of columns subjected to the cyclic deformation history
was similar to the behavior obsexved during the monotonic history. One
difference is that in the c¢yclic deformation history similar crack pat-
terns occurred on both sides of the column depth and inclined cracks
formed in a fypical X~-pattern (Fig. 3.7 and 3.8}.

The first cycle. hysteresis loops for model 3R (Fig, 3.9) indicate
a gradual stiffnéss degradétion with increasing deformation level. This
degradation is due not only to the effects of increased load levels as
in the monotonic history but is also a consequence of c¢yeling at constant
deformation levels.

Hysteretic behavior at a given displacement level prior to failure
was stable, i.e., the potential column shear resistance did.not decrease.
This is illustrated by Fig. 3.10 which summarizes the shear degradation,
defined by the expression

Sd’

Heirst ~ Prifth

s = cycle cycie | 100 3.2

a Hfirst
cycle

at each displacement level for models 2S, 3R, 5R and 6R. In all models
but 2S5 the shear degradation is less than 10% prior to the failure dis~

placemént, A the displacement level at which significant shear degra-

ff
dation occurred, In model 28 the shear degradation jumps above 10% at
31.7 mm {(1.25 inches}). This jump is attributed to sudden spalling of

the concrete cover which was observed during cycling at this displacement
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level.

The small values of Sd prior to AF reflects the stiffness degrada-
tion associated with cycling at constant deformation. This degradation
is illustrated by a direct comparison of the monotonic and cyclic defor-
mation histories (Fig. 3.11-3.12). Fig. 3.11 compares the monotonic H-A
relationship for model 4R with the first cycle H-A cyclic envelope for
model 3R. The cyclic envelope depicts the applied shear force at the
peak displacement amplitude. Models 4R and 3R were subjected to the
same axial load of 1068 kN (240kip).

Although the ¢yclic H~-A énvelope and the monotonic H-A relationship
exhibit significant inelastic behavior at the same value of A [25.4 em
(1 inch)1, the maximum shear resistance in the cyclic deformation history
was smaller than that in the monotonic one. This apparent decrease in
potential column shear resistance associated with the cyclic deformation
history is a consequence of cyclic stiffness degradation. A comparison
of the monotonic H-A relationship for model 4R with the initial loading
segment of the first c¢ycle hysteretic loops for model 3R at displacement
levels of 25.4 and 31.7 mm (1.0 and 1.25 inches) provides a clear illus-
tration of this stiffness degradation (Fig. 3.12). If the displacement
would have been increased as indicated by the dashed projections of the
cyclic H-A relationships, the shear resistance obtained in the monotonic
history would have been obtained, but at an increase in displacement of
approximately 40%.

As in the monotonic deformation history column behavior following
formation of plastic zones atlthe column ends differed among the various

models and is discussed later.
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3.3 Model Failures

All failures occurred in the columns. The column flexural shear
capacity was egualed or exceeded in all models but 28 and all columns
experienced significant inelastic deformation prior to a brittle shear
failure or significant shear degradation (Table 4). Three basic failure
modes were observed, a shear-compression failure (models 2R, 3R, 5R}, a
bond failure (models 15 and 28) and a diagonal tension failure (4R and
6R). The magnitude of the axial force, the type of transverse reinforce-
ment, and the deformation history influenced the failure mode. The
shear-compression failure and the bond failure were gradual, resulting
in shear and stiffness degradation. However, model columns failing by
elther shear-compression or bond were able to maintain the design gravity
load at test conclusion. A load reversal was necessary before either of
these failures could occur. The shear and stiffness degradation in the
shear-compression failure was due to a decrease in the ability to trans-
fer longitudinal shear forces across what is referred to as the mid-depth
longitudinal crack. The failure was preceded by yielding of the trans-
verse reinforcement crossing this crack. The shear and stiffness degra-
dation in the bond failure was due to a gradual deterioration of bond
between the longitudinal steel and concrete in the column length.

The diagonal tension failure was sudden, being caused by a sudden
propagation of a diagonal tension crack and the rupture of the trans-

: verse reinforcement crossing the critical diagonal crack. Model columns
which failed in diagonal tension could not resist shear forces or main-

tain the design gravity load at test conclusion,
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The shear-compression failure and the diagonal tension failure are
associated with the behavior of a critical crack. High shear stresses
were a major factor influencing the formation and propagation of the

critical crack. The nominal shear stress, v, defined by the expression

where
H = the imposed shear force
b = the section width
d = the effective depth

was high in all models (Table 4). The shear stresses range from 4.0 MPa
{580 psi) to 5.2 MPa (760 psi) when the nominal cross section is consid-
ered, and from 4.3 MPa (630 psi) to 5.9 MPa (852 psi) when only the con-
fined core area is considered.

The three failure modes are described in detail in the following

sections.

3.3.1 Shear-Compression Failure

The failure mechanism in models 2R, 3R and 5R was the same and is
referred to as shear—-compression. High nominal shear and compressive
stresses (Tables 2 and 4), a mid-depth longitudinal crack and stiffness
and shear degradation were common to the failure in all three models.
Characteristics of the shear-compression failure mode will be elaborated

on by a discussion of the steps leading to failure in model 5R.
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The critical crack involved in the shear-compression failure is re-
ferred to as the mid-depth longitudinal crack. This crack began as a
series of inclined cracks (15-30°) at mid-depth near mid-column height
(Fig., 3.13). The inclined cracks were first observed during cycling at
a displacement level of 15.2 mm (0.6 inches). The formation of these
cracks is attributed to the combined effect of local stress concentrations
caused by the longitudinal reinforcement and cross ties at mid-depth, the
tensile stresses at mid-depth caused by high shear stresses, and the
tensile Poisson strains associated with high compressive stresses. The
existance of the tensile stresses is illustrated by Fig. 3.14. TIf it is

assumed that

1) the axial load causes a uniform stress distribution

2) mid-column height is an inflection point and the moment is
Zero

3} the shear force causes a parabolic shear stress distribution
through the depth

4) the above shear and compressive stresses are the only stresses

the Mohr's circle in Fig. 3.14b defines the state of stress in a typical
element at mid-depth. The direction of the principal tensile stress in-
dicated by Mohr's circle would cause the formation of cracks with inclin-
ations (21°) similar to those observed in Model 5R. However, the magni-
tude of thelcorfesponding tensile stress does not iﬁdicate that cracking
would occur. It should be noted that the stress state assumed above
probably does not reflect the actual stress state which caused the ob-

served cracking as a number of effects have been neglected. These include
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Stress concentrations caused by steel reinforcement. The
discontinuities in the concrete caused by the longitudinal
bars and cross ties at mid-depth (Fig. 1.4}, in addition to
the local stresses associated with bearing of the bar deforma-
tions against the surrounding concrete generate stress concen-
trations in the concrete.

The cracks initially did not form at mid-height. As a result
flexural stresses exist.

In the core concrete, the transverse poisson strains are re-
strained by the transverse reinforcement. The absence of this
restraint in the core concrete may cause stress concentrations

in the boundary zone between the core and cover concrete.

It is felt that the inclined cracks at mid-depth were initially a local

phenomencon, i.e., the cracks did not extend through the width of the

column but extended only through the immediate vicinity of the reinforce-

ment, in particular through the unconfined cover. It should be noted

that this series of cracks was observed in all models (Fig. 3.3, 3.4,

3.8).

The series of inclined cracks at mid-depth became continuous during

cycling at a displacement level of 31.7 mm (1.25 inches) forming the

mid-depth longitudinal crack. The crack extended through the width of

the column and relative motion between opposite faces of the longitudinal

crack was observed (Fig. 3.15}).

The formation of a continuous longitudinal crack is a result of

crack propagation. The inclined cracks which had formed in one load di-

rection continued to propagate as the displacement level in that direc-
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tion was increased. When the crack propagation in a given locad direc-
tion (A in Fig. 3.13a) reached a crack formed in the opposite load di-
rection (B in Fig. 3.13a), further propagation occurred along the exist~
ing crack since it offered the least resistance to the propagation. A
continuous crack formed when all the inclined cracks in one direction
began to propagate along cracks in the other direction.

A similar continuous c¢rack at column mid-depth was observed in the
spiral column (models 15 and 2S), however, is extended only through the
cover concrete. It is felt that the weak plane created by the longitu-
dinél steel and cross ties at mid-depth in the tied columns contributed
to the formation of the mid-depth longitudinal c¢rack through the width
of the column.

The formation of the mid-depth longitudinal crack occurred at ap-
proximately the same time as the formation of plastic zones at the beam
column joints. Concrete spalling, and yielding of the longitudinal re-
inforcement, observed initially during cycling at 25.4 mm, caused the
regions adjacent to the beams to experience concentrated inelastic ro-
tations. At this stage of the deformation history, the model column may
be idealized as two plastic zones, one at each end of the column, spanned
by two parallel flexural elements which are coupled by a series of lon-
gitudinal and transverse links (Fig. 3.186). The longitudinal links de-
velop longitudinal shear forces across the two flexural elements and
would have stiffness properties characteristic of aggregate interlock
and dowel action of the transverse reinforcement. The transverse links
are required to include the restraint of the transverse reinforcement to

widening of the gap {crack) between these two elements.
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The deformation associated with motion along the mid-depth longi-
tudinal crack will tend to reduce the inelatic rotations in the plastic
zones. The column with a mid-depth longitudinal crack is not as stiff
as an identical ceclumn without such a crack. Consequently, the inelastic
rotations required to produce the same tip displacement is less for a
'cracked' column than for an 'uncracked' one.

After the formation of the mid-depth longitudinal crack, the column's
shear capacity was governed by the longitudinal shear transfer mechanism
across this crack, i.e., by the force deformation characteristics of the
longitudinal links in Fig. 3.16. An important factor affecting the link
characteristics is the longitudinal crack width. Prior to cycling at a |
displacement level of 63.5 mm (2.5 inches), the width of the mid-depth longi-
tudinal crack and the relative motion along the crack remained small
[between 1.6 and 3.2 mm (1/16 and 1/8 of an inch) as compared to approxi-
mately 9.5 mm {3/8 of an inch) at a displacement of 63.5 mm] and the
strength of the longitudinal shear transfer mechanism was stable, i.e.,
the potential column shear resistance did not degrade.

The stability of the shear transfer mechanism is illustrated by the
shear degradation caused by cycling at a given displacement level (Fig.
3.17). The degradation was less than 10% prior to a displacement of
63.5 mm, and as discussed previously, reflects a cyclic stiffness degra-
dation. If loading was continued and the displacement level increased in
the last cycle, the first cycle shear resistance would have been attained
in the last cycle (Fig. 3.18). An examination of the change in shear
required to increase the displacement level supports this observation
(Fig. 3.17a). The shear force required to impose the first cycle of a

new larger cyclic displacement level was greater than the shear force re-
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quired to impose the last cycle of the previous.smaller displacement level.

Cycling at a displacement level of 63.5 mm led to a 44% degradation
in column shear resistance. A comparison of the initial portion of the
H-A hysteretic loops in the first and last cycle at 63.5 mm and the first
cycle at a new displacement level of 76.2 mm (3.0 inches) indicates that
this shear degradation is not entirely due to stiffness degradation. The
shear required to increase the displacement to 76.2 mm is less than the
shear resistance in the last cycle at 63.5 mm. In addition the flatness
of the loops‘indicate that an unrealistically large displacement would
be required to reach the shear resistance attained in the first cycle
at 63.5 mm. The?efore an actual degradation in the column shear resis-~
tance must have occurred as a result of cycling at 63.5 mm.

The change in behavior during cycling at 63.5 mm is attributed to
yvielding of the transverse reinforcement crossing the mid-depth longi-
tudinal crack. VYielding was indicated by the strain gage data during
the initial cycle at 63.5 mm and is caused primarily by the axial strains
developed in restraining the width of the mid-depth longitudinal crack.
Yielding of the reinforcement which reduced the.restraint to crack widen~
ing initiated a cyclic degradation of the transfer shear mechanism, the
aggregate interlock component in particular. Widening of the mid-depth
longitudinal crack, increased relative crack motion, and a decrease in
the effectiveness of aggregate interlock were amplified with each cycle
because of their interdependance. The end result was a significant de-
gradation in shear resistancef

Since the original column shear resistance had decreased by nearly

50% (actually 48%), the displacement level of 63.5 mm is considered the
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failure displacement in model 5R. The testing of the model was continued,
however, and the shear degradation initiated at 63.5 mm continued during
cyeling at a displacement level of 76.2 mm (3.0 inches). After five
cycles the column shear resistance had decreased to 44.5 kN (10 kip).

The only notable difference in the shear-compression failure sequence
from that presented for model 5R was found in model 2R which was subjected
to themonotonic deformation history. The initial shock to 4AY did not
result in the formation of the mid-depth longitudinal crack. The prin-
cipal crack in the initial load direction was an inclined shear crack
(Fig. 3.20) . After the load was reversed, however, a mid-depth longitud-
inal crack did form and relative crack motion was cobserved as in model
5R.

A comparison of the shear degradation in models 2R and 3R, both of
which were subjected to an axial load of 1068 kN (240 kip), indicates
that the complete deformation cycle of the monotonic history had essenti-
ally the same effect on the column shear resistance as cycling at the
failure displacement. In model 2R, the original column shear resistance
had decreased by 50% on reloading after the complete deformation cycle,
while in model 3R a decrease of 54% resulted after five cycles at the
failure displacement.

In models 3R and 5R, cycling at the fallure displacement had a
detrimental effect on the concrete in the area at the end of the mid-
depth longitudinal crack {Fig. 3.15}). The discontinuities in the high-
ly stressed compression zones created by the shear flexure cracking
assocliated with the opposite load direction crossing the extended mid-

depth longitudinal crack (Fig. 3.13a) caused localized compressive
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failures. These failures spread and became quite severe as a result of
cycling at the failure displacement (Fig. 3.21and 3.22).

This deterioration is illustrated by the effect of cycling on the
column axial stiffness. The 1.83 m (6 foot) gage length indicated in
FPig. 3.23a was monitored in each test and may be used as a measure of
the axial stiffness. A comparison of the increases in column shortening
due to cycling at the failure displacement and at the displacement level
prior to failure indicates that a significant degradation in axial stiff-
ness occurred és a result of cycling at the failure displacement (Fig.
3.23b). Although the concrete deterioration at the ends of the mid-
depth longitudinal crack was not the only cause of this degradation, it

is believed a major factor influencing the degradation.

3.3.2 Bond Failure

The spirally reinforced columns experienced a bond failure. The
essential charaéteristics of the bond failure were similar to the charac-
teristics of the shear compression failure. ‘The failure was gradual, re-
sulting in shear and stiffness degradation, and the model column was able
to maintain the design gravity load at test conclusion. The major dif-
ference between the bond failuie mode and the shear-compression failure
mode was the mechanism of shear deéradation. In the bond failure mode
the degradation was a consequence of bond deterioration, i.e. a degra-
dation in the stress transfer mechanism between the‘longitudinal rein-
forcement and concrete. Although a continuous mid-depth longitudinal

crack was observed in the spiral columns, it existed only in the cover
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concrete. At the level of the core concrete, two cracks were observed
running along the longitudinal reinforcement on either side of mid-depth
(Fig. 3.24). These cracks did not extend through the width of the
cross section but wexe localized in the vicinity of the rebar. Similar
longitudinal cracks were observed along the reinforcement located at the
extremes of the column depth (Figs. 3.25 and 3.26).

The longitudinal cracks along the reinforcement indicate a bond
failure, i.e., a significant deterioration in the stress transfer mechan-
ism between the reinforcement and concrete. These cracks and consequently
the bond deterioration extended through the full column height. The
bond deterioration also extended a distance into the beam column joint.
Spalling of the concrete cover within the beam column joint was not as
extensive as that along the column length and the extent of bond deter-
ioration into the joint was not observed.

The effect of bond deterioration is evident in PFig. 3.27 which shows
the hysteretic loops for model 25 at a displacement level of 63.5 mm
(2.5 inches). The loops in Fig. 3.27 exhibit a c¢yclic stiffness and
shear degradation and a pinching effect near zero load which reflects
slip between the steel and concrete. The pinching becomes more pro-
nounced with each cycle, indicating that the slip, and thus the bond
detericration, increases with each cycle. The increased slip results
in the observed stiffness and shear degradation.

The longitudinal steel strain data for model 28 during cycling at
the same displacement level provides a more quantitative measure of bond
deterioration. In the initial cycle the compressive steel strain (gage

2 Fig. 2.13 b) changed by -.022 mm/mm and the tensile steel strain (gage
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1 in Fig. 2.13b) changed by 0.023 mm/mm. In the f£ifth cycle the strain
increments were -0,002 mm/mm for the compressive steel and 0.005 mm/mm
for the tensile steel. Bond failure was also indicated by significant
slip observed at mid-~column height in the final cycles at this displace-
ment level.

It should be noted that for a bond failure to occur a complete load
reversal is necéssary. For example, bond failure was not evident in
model 18 (which was subjected toc the monotonic deformation history) un-
til reloading after the full deformation reversal (Fig. 3.28).

At test conclusion the core concreté in the spirally reinforced
columns failing by bond was in better condition than the core concrete
in the tied columns failing by shear-compression. This difference is
attributed to

a) the concrete deterioration at the ends of the mid-depth lon-

gitudinal crack which was observed in the tied columns did
not occur in the spiral columns.

b) the spiral reinforcement provided more effective confinement

and improved the inelastic concrete behavior

A gquantitative measure of the column condition at test conclusion
is provided by the effect of cycling on the column axial shortening
(Fig. 3.23b). A comparison of the change in shortening due to cycling
at the respective failure displacements in models 5R and 28, both of
which were subjected to axial forces of 890 kN (200 kip) illustrates that
the increase in column shortening is significantly greater in the tied
column than in the spiral column.

Bond failure may be attributed to two characteristics of the spiral
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columns. First, spiral transverse reinforcement, because of its con-
tinuity and because of the fact that its shape is ideal for resisting
radial pressure, possesses generally superior confinement characteristics
and offers a stiffer restraint to crack widening than rectangular ties.
As a result, significant shear degradation due to losses in the column
transverse shear capacity is prevented, creating conditions for a 'non-
shear' failure. Second, the longitudinal reinforcement in the spiral
columns consisted of No. 5 bars which, being larger than the No. 4 bars

used in the tied columns, increased the possibility of a bond failure.

3.3.3 Diagonal Tension Failure

Models 4R and 6R experienced a sudden and brittle failure mode.

The model column was unable to resist any shear forces or maintain the
design axial load after failure. The failure in both models is attri-
buted to a force redistribution among the various components of the

shear resistance mechanism which ultimately caused rupture of the trans-
verse reinforcement crossing a critical inclined crack. The formation

of the critical crack was associated with diagonal tension and this fail-
ure mode is referred to as diagonal tension failure.

The shear ;esistance of a reinforced concrete member with a prin-
cipal inclined crack is determined by the shear strength of the concrete
compression block, the interlocking stresses developed across the in-
clined crack, the transverse reinforcement, and the dowel action of the
longitudinal steel {Fig. 3.29}. As the imposed shear force is increased

the contribution of the concrete compression block, aggregate interlock
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and possibly dowel action decrease, and the contribution of the trans-
verse reinforqement increases. In model 6R this phenomenon is amplified
by the cyclic deformation history. The decrease in the shear force re-
sisted by the concrete compression block is initially more significant
than the decrease in the other components, particularly in model 4R
which was subjected to the monctonic load history. The decrease is
caused by two factors. First, the size of the compression block is re-
duced by propogation of the inclined shear crack. Second, the compres-
sion block is part of the plastic zone which formed at the end of the
column adjacent to the beam-column joint. The inelastic concrete de-
formations associated with the plastic zone cause spalling of the con-
crete cover, further reducing the size of the compression block, and
since the core concrete strains will typically be on the descending
branch of the concrete stress~strain (0-£) relationship (Fig 3.30a) a
decrease in the shear strength of the compression block concrete is
expected. (B).

In both models, cover spalling was observed after formation of the
plastic zones, In addition average compressive strain data, EAVG'
measured in the plastic zones indicate that concrete strains would be
on the descending branch of the 0-£ relationship. For example, the
variation of EAVG with tip displacement in model 4R is shown in Fig.

3.30b. Two relationships are given. The solid line shows the varia--

tion of concrete strains measured at a distance of 63.5 mm (2.5 inches)

2.5

AvG The dashed line shows the variation of

from the column edge, €

the strains at the edge of the column core, , which were detexr-

[
Cave

mined from the measured strains by a linear extrapolation. The magni-
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tude of €§VG' after a displacement of 25.4 mm 1is greater than
0.0025 mm/mm, a strain typically on the descending branch of a con-
crete 0-£ relationship.

As noted previously, the decrease in the shear resistance of the con-
crete compression block, as well as the decreases in the aggregate inter-
lock and dowel action mechanisms, are compensated for by an increase in
the shear force resisted by the transverse reinforcement. This force re-
distribution is illustrated by the transverse steel strain data.

In model 4R, the geometry of the critical inclined crack indicates
that it was crossed by five ties. The strains, and thus the forces, are
known in one of the four tie legs  (Fig. 3.31la). If it is assumed that
the strains in all four legs is the same as that measured, and that the
force in the fifth tie is equal to the average of the forces in the other
four ties, the contribution of the transverse reinforcement to the shear
resistance, Vs’ may be calculated. The results are summarized in Fig.

3.31b. Also shown is the combined contribution of the compression block,

aggregate interlock and dowel action to the shear resistance, chd

\Y =H-V 3.4

The jump in VS in going from a displacement level of 15.2 mm (0.6 inches)
to 25.4 mm (1.0 inch) indicates that the diagonal tension crack initially
formed in this displacement increment at a load level between 280 kN

(63 kip) and 356 kKN (80 kip). BAs the displacement level was increased

decreased as H increased, demon-

beyond 25.4 mm, V_increased and V
s cgd

strating that shear forces are transferred to the transverse reinforcement

from the other components of the shear resistance mechanism.
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The decrease in shear resistance of the concrete compression block
in model 6R is illustrated by the cyclic variation of strain for a
tie crossing the critical inclined crack (Fig. 3.32 and 3.33), The in-
itiation of inclined c¢racking is indicated by the sudden jump in the
steel strain in the first cycle at 15.2 mm (0.6 inches) (Fig. 3.32).

In all subseguent displacement cycles there is a region in which the
steel strain increases very little (Fig. 3.32-3.33). This region re-
flects the column shear resistance prior to crack opening and relative
crack motion, and it is assumed to be a measure of the contribution of
the compression block to the column shear resistance. After the initial
crack formation, the compression block resisted approximately 142 kN
(32 kip} or 59% of the applied shear force (Fig. 3.32). As the dis-
placement level was increased the shear resgistance of the compression
block decreased gradually, going from the original 142 kN at 15.2 mm
(0.6 inches) to approximately 80kN [ (18 kip) 29% of the applied shear
force]l at 44.4 mm {(1.75 inches) Fig. 3.33].

The gradual increase in the steel strains as the cyclic displace-
ment level increases beyond 25.4 mm (1 inch) combined with the fact that
the applied shear force changes only slightly beyond this displacement
tevel jillustrates the transfer of shear force from other components of
the shear resistance mechanism to the transverse reinforcement.

The shear transfer to the transverse reinforcement was stable, i.e.,
the column shear resistance did not decrease, uﬁtil the transverse re-
inforcement yiélded. In model 4R, a reduction in the column shear
resistance does not occur until the displacement increment from 63.5 mm

to 76.2 mm (2.5 inches to 3.0 inches) (Fig. 3.34). 8Strain data indicated
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initiation of yielding of the transverse reinforcement at the start of
this increment. In model 6R, the cyclic shear degradation was less than
10% prior to a displacement level of 63.5 mm (2.5 inches) and, as dis-
cussed previously, reflects a cyclic stiffness degradation (Fig. 3.35}.
In addition an increase in shear resistance was required to increase the
displacement level (Fig. 3.35). During cycling at 63.5 mm, however, yield-
ing of the transverse reinforcement crossing the critical inclined cracks
caused a significant degradation in the column shear resistance (Fig.
3.35).

Yielding of the transverse reinforcement effects the shear capacity

in two ways.

a) the ability of the transverse reinforcement to compensate for
shear loss in the other components of the shear resistance
mechanism is reduced

b) a decrease in the restraint to crack widening which is provided
by the transverse reinforcement occurs. This permits the crack
to widen which leads to a reduction in the effectiveness of

aggregate interlock and dowel action

The shear degradation initiated by yielding of the transverse rein-
forcement was amplified by the cyclic deformation history. The inclined
cracks widened and relative motion along the cracks increased with each
cycle, resulting in degradation of the shear resistance mechanism, in par-
ticular the aggregate interlock component.

A brittle failure occurred shortly after the decrease in column shear
strengthwas initiated by yielding of the transverse reinforcement. Failure
occurred at a tip displacement of 88.9 mm (3.5 inches) in model 4R

and with the start of a new displacement c¢ycle after five complete
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cycles at a displacement level of 63.5 mm (2.5 inches) in model 6R. A
sudden propagation of the diagonal crack caused a separation of the model
into two parts which were connected by the longitudinal and transverse
reinforcement (Fig. 3.36 and 3.37). The sudden loss of shear resistance
which was previously provided by the compression block, resulted in

large increases in the transverse reinforcement strains, which caused
this reinforcement to neck and rupture. Rupture led to a complete loss
in shear resistance and to a reduction in the capacity of the column to
support gravity loads. After failure, the maximum axial load which could
be épplied without causing relative moticn between the two parts of the
column was 467 kN (105 kip) in model 4R and 445 kN (100 kip) in model &R,
These final axial load capacities represent reductions of 60% and 30%
from the respective design capacities of 1068 kN (240 kip) and 641 kN

(144 kip).

3.4 Shear Force-Tip Displacement Response

3.4.1 Shear Force-Tip Displacement Response Under Monotonic

Deformation History

The shear force~tip displacement (H-A) relationships for models
2R, 4R and 1S are shown in Figs 3.38-3.40 . Two relationship are shown
for each model. The upper curve represents an equivalent shear, HP—A’
which includes the P-A effect. HP-A was determined by the expression

P-A =H+ R * P 3.5
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where

a5}
I

the imposed shear force

o}
il

the axial load, and R 1s defined in equation 3.1

All models exhibited yield behavior, which is indicated by a
flattening of the H-A relationship, at a displacement of approximately
25.4 mm (1 inch). Since the steel strain data indicated initial tensile
vielding in the load increment leading to this value of A, the yield
displacement was taken as 25.4 mm. After vielding, the shear resistance
in models 2R and 4R first increased before a l§ss in shear resistance
occurred. In model 1S, however, there was a sudden drop in shear
resistance followed by a gradual loss of ghear strength. The losg in
shear resistance just before the maximum displacement was 44 (10), 62 (14)
and 80 (18) kN {(kip) in models 2R, 4R and 1S respectively.

This decrease in shear resistance is attributed to a decrease in
the shear strength of the concrete compression block. The difference
in post yield behavior between the rectangular tied columns and the spiral
column, and the greater loss in shear resistance in the spiral column are
attributed to the effect of cover spalling. Spalling was observed in all
models, however, it was sudden and resulted in a greater area loss in the
spiral column [the core area of the spiral column was 55,490 mm2 (86 inz)
compared to 70,§70 mm2 (110 in2) for the tied columns].

On reaching the maximum digplacement, model 4R failed suddenly in
the diagonal tension mode and the test was terminated. Models 2R and 1S,
however, were unloaded and subjected to a load reversal. A pinching
effect in the H-A relationship was observed in both models on reversal

(Figs. 3.38 and 3.40). The pinching effect is due to the fact that
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cracks which had formed in the previous load direction did not c¢lose com-
pletely at zero locad. As a result the stiffness due to contact between
opposite crack surfaces is not completely effective as loading begins.

The contact stiffness becomes effective gradually as the load increases
and the cracks close because the crack faces are rough and there are

small locse granulates (asperities) and some stress transfer due to con-
tact of these asperities, aggregate intérlock, and/or friction is possible
before the crack is closed completely.

After existing cracks have closed and the pinching effect is no
longer present, a degradation in the elastic, or initial loading stiff-
ness is observed (Figs. 3.38 and 3.40). This stiffness degradation was
more pronounced in model 1S. Model 1S also experienced a significant
decrease in shear resistance with the load rewversal. The maximum shear
resistance in the initial load direction was 347 kN {78 kip), while on
reversal it was only 214 kN (48 kip). Model 2R faired better. In the
initial load c¢ycele the maximum shear resistance was 409 kN (22 kip), de-
creasing to 356 kN (80 kip) on reversal. The behavior of models 1S and
2R was quite different as the displacement level was increased beyond
the displacement corresponding to the maximum shear resistance. In model
15 the shear resistance decreased very little. In fact, when the P-A
effect is included the shear resistance increases. In model 2R however
the shear resistance decreased from a maximum of 356 kN at a displace-
ment of -38,1 mm (-1.5 inches) to 249 kN (56 kip) at a displacement of
~76.2mm (~-3.0 inches).

The difference in the post-yield behavior during the load reversal

is due to the different failure modes which these two models experienced.
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The failure in model 1S was due to a bond failure and did not occur until
the complete lqad reversal had been applied and the model was reloaded
in the initial load direction., Model 2R failed by the shear compression
mode and the decrease in shear resistance during the load reversal is
due to the degradation in the horizontal shear transfer capacity across
the mid-depth longitudinal crack.

On reloading in the original load direction the pinching effect
is more pronounced than in the initial load reversal and a significant
decrease in strength was recorded in both models., In model 15 the shear
resistance decreased to 138 kN (31 kip) at a displacement of 88.9 mm
(3.5 inches}. In model 2R the shear resistance decreased to 200 kN
{45 kip) at a displacement of 63.4 mm (2.5 inches)*. At test termina-

tion both models were capable of resisting the original axial load.

3.4.2 Shear Force-Tip Displacement Response under Cyclic Deformation

History

H-A cyclic envelopes for models subjected to the cyclic deformation
history are shown in Fig. 3,41-44. The envelopes for the first and fifth
cycle and the first cycle HP_A-A envelope are shown.

A decrease in model ductility u¢ , defined by the expression

max 3.6

* The deformation history of model 2R continued beyond that indicated
in Fig., 3.31. It was subjected to three displacement reversals at
63.5 mm. The results are presented in section 3.6.
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where

AY = the displacement level at which the tensile steel strain data
indicated yielding (It was taken as 25.4 mm (1 inch) in all
models)

A = maximum. displacement in Histor& T or the failure displacement

max

in History II

is caused by the cyclic history. UA is 3.5 for models subjected to the
monotonic deformation history and is less than or equal to 2.5 for models
subjected to the cyclic deformation history.

The first cycle envelopes for all models subjected to the cyclic
deformation history are compared in Fig. 3.45. 1In models 3R, 5R and
6R the only parameter varied was the axial load. As expected from the
axial force-moment interaction relationship (Fig. 1.5), higher axial
lcads increase the shear force the column is required to resist.* From
a comparison of the behavior of models 3R and 5R it may be concluded that
smaller axial loads improve the inelastic cyclic behavior provided the
failure mode is the same. UA increased from 2.0 to 2.5, and the shear
degradation decreased from 54% to 48% as the axial load was reduced from
1068 kN (240 kip) in model 3R to 890 kN (200 kip) in model 5R. Since
the shear stresses in these two models are approximately the same (Table
4}, the only difference in the stress condition existing in the two models
is the difference in axial compressive stresses. The decrease in axial

compressive stress appears to improve behavior. But why?

* Model 5R does have a higher shear resistance in one direction than
wodel 3R. This is believed to be a consegquence of the cyclic stiffness
degradation which apparently is greater in model 3R (Figs. 3.46 and
3.47).
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The failure, or more appropriately the shear degradation in modéls
3R and 5R, was caused by the increased relative motion along the mid-
depth longitudinal crack. Longitudinal splitting along the core boun-
daries through the length of the column, which indicated spalling of the
concrete cover, was observed at the same time as the increased crack
motion. Since the axial load remains the same, and the concrete area
resisting it was reduced by spalling, the compressive stresses in the
concrete core increased as a result of the longitudinal splitting. This
increase in concrete compression increased the transverse strains due to
the Poisson effect. The larger transverse strains increased the strains
in the transverse reinforcement which contributed to vielding of this
reinforcement. As discussed in Section3.3.1, yielding of the transverse
reinforcement initiated the shear degradation observed in models 3R
and 5R.

Longitudinal splitting was first observed during cycling at 44.5 mm
(1.75 inches) in model 3R, while in model 5R it was observed during
cycling at 63.5 mm (2.5 inches). It is apparent that the smaller axial
load in model 5R delayed the longitudinal splitting and réSulted in an im-

provement in the inelastic behavior.

3.5 Hysteretic Behavior and Energy Dissipation

Shear force-tip displacement hysteretic behavior for models 3R, 5R,
6R and 2S during the first full deformation cycle of the cyclic deforma-
tion histery are shown in Figs. 3.46-3.49. A summary of the energy dis-

gipation represented by the hysteretic loops is presented in Table 5.
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Both an absolute magnitude and a relative magnitude (RA)} of hysteresis

area are given. RA is defined by the expression

RA = H, - 2AA+ i, + 2h 3.7
where
A = the hgsteresis area
A = the tip displacement (positive)
‘Hl = the absolute‘va;ue of.the recorded shear at +A
H, = the absolute value of the recorded shear at -A

RA will be used as an indication of the shape of the 1oops; larger values
of RA indicating wider loops. |

The first cycle hysteretic loops are similar for all models priorx
to yielding. RA remains essentially constant to a displacement of
25.4 mm (1 inch). This indicates that the shape of the loops did not
change and that the increase in energy dissipation was due to inc¢reases
in the imposed shear. Prior to yielding, models subjected to the balance
point axial locad (3R and 28) dissipate more energy and have wider loops.
In all models, the hysteretic loops at a given displacement level are
similar, and a gradual stiffness degradation withlincreasing displacement
level is evident.

Energy dissipation increased and the hysteretic loops got Qider
after yielding. For the rectaﬁgular tied columns, the eneigy dissipatién
was in general greater for models with higher axial 1§ads. Modei 25

had the smallest dissipation after the start of inelastic behavior.
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This is attributed to the small shear capacity of model 25, At the same
displacement level, the value of RA for model 25 is approximately the same
as the value for models 3R, 5R and 6R. This indicates that the shape of
the hysteretic loops is similar for all models. Consequently it can be
assumed that the shape of the loops did not have a significant effect on
energy dissipation. However, the magnitude of the shear forces did.
The shear forces developed in model 25 were significantly smaller than
those developed in the rectangular tied columns (Fig. 3.45).

The H-A hysteretic loops at the failure displacement for models
3R, 5R, 6R and 28 are shown in Figs. 3.50-3.53. A summary of the energy
dissipation represented by each loop is given in Table 6.

The hysteretic loops for the rectangular tied columns are similar.
A pinching effect and stiffness and shear degradation are observed. These
effects are more pronounced in models with higher axial loads. TFor ex-—
ample the shear aegradation was 44, 43 and 22 percent for models 3R, SR,
and 6R respectively. The hysteretic loops for model 28 exhibit a more
pronounced pinching effect and a larger shear degradation (57%) than
models in the R-series. Both of these characteristics are attributed to
the bond failure mode which this model experienced.

In general energy dissipation decreased and the hysteretic loops
widened with cycling at the failure displacement {Takle 6). Model 6R
is an exception. Initially a decrease was observed, but when the loops
started to widen the energy dissipation increased. After five cycles the
decrease in the energy dissipation was less than 1%.

The observed loss of energy dissipation is primarily a consequence

of shear degradation rather than a change in loop shape resulting from
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stiffness degradation and pinching effects. 1In all models, cycling
causes an increase, or no change in the valués of RA, indicating that
the loops have widened or remained with the same shape:.. The loop widen-
ing can in some circumstances compensate for the loss of energy dissipa-
tion caused by shear degradation. This is the case in model 6R. Model
6R experienced the smallest shear degradation and the loop widening re-
sults in a miﬁimal decrease in energy dissipation. Tﬁis effect of loop
widening also occurred during the last cycle in model 3R. The shear de-
gradation in this cycle was small, the lopp widened and the energy dis-
sipatibn increased from 1660 kN-m to 1806 kN-m (102 kip-in to 111 kip-in)
{Table 6). | |

The influence of load history on hysteretic behavior can be seen in
Fig. 3.54 in which the H-A hysteretic loops at a displacement of 63.5 mm
(2.5 inches) for models 2R and 3R are compared. The corresponding energy
dissipation is given in Table 6. After the initial deformation cycle in
model 2R, the hysteretic loops are similar when loading from zero to a
positive displacement, and when unloading from thé negative tip displace-
ment to zero. A difference is observed in the unloading and subsequent
loading represented by the segment AECD. This difference is a consequence
of the load history. The inclined shear crack which formed in model 2R
during the initial load cycle was quite different from that in Model 3R
{Figs. 3.7 and 3.20). 1In model 2R the crack spanned the full depth of the
section, causing a more pronounced pinching effect in the portion ABCD of
the hysteretic loop of model 2R. Cracking associated with the opposite
load direction was similar in both models, fesulting in the observed

similarities in hysteretic behavior.
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3.6 Column Deformations

A major objective of the experimental investigation was to charac-
terize the inelastic behavior of short reinforced conrete columns sub-
jected to simulated earthquake loading. As discugsed previously in
Chapter 1, reinforced concrete members designed to resist moderate to
severe earthquakes are expected to experience large inelastic cyclic
deformations. As a result an important factor in the characterization
of member behavicr is themember's ability to deform inelastically. Both
overall and local deformation gualities are presented to illustrate the
amount of inelastic deformation the model column experienced. The rela-
tive story rotation is used as a measure of overall deformation and the
average curvature at the beam-column joint is presented as a measure of
local deformation. In addition the longitudinal steel strain behavior

is presented and discussed.

3.6.1 Relative Story Rotation

The relative story rotation, R, was defined in egquation 3.1 (Fig.
3.2). This definition of R includes the rotation of the beam-column
joint associated with the beam deformations. Consequently, the story
rotation defined by equation 3.1 will be larger than that attributed
solely to column deformations. However, since the subassemblage beams
remain ’elastic' for the duration of the deformation history, the con-
tribution of beam deformations to inelastic values of R are small and

will remain essentially the same as the value at the initiation of in-
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elastic behavior. As a result, it ig felt that the wvalues of R ob-
tained from equation 3.1 provide an adequate measure of the inelastic
deformation chafacteristics of the model column.

The variation of R with the tip-displacement A is shown in Figs.
3.55 and 3.56 for models 4R and 1S and in Figs. 3.57~3.59 for models
3R, 5R and 6R. The relationships for models 3R, BR and 6R are envelopes,
giving the value of R recorded at the peak displacement of each displace-
ment level in the c¢yclic deformation history. The envelopes for the
first and fifth cyecle are given.

The nature of the R-A relationship is similar for all models. To
a tip displacement of 25.4 mm (1 inch) the relationship is essentially
linear. After a displacement of 25.4 mm the slope increases and linearity
no longer exists.

The knee in the R-A relationship at a displacement of 25.4 mm is
caused by inelastic behavior in the model column and indicates that the
initiation of significant inelastic behavior occurs at the assumed yield
displacement of 25.4 mm. The formation of plastic hinges in the column
at the beam-column joints changes the rotational stiffness at the ends
of the column. This causes an increase in the column's contribution to
the tip displacement. The increase occurred in both deformation histories
and is illustrated by the comparison of the measured deflected shapes at
displacement levels before and after the onset of yield behavior for
models 4R and 3R given in Fig. 3.60.

In the cyclic deformation history, deformation cycles at a constant
tip displacement, A} did not guarantee cycles at a constant value of R.

Cyclic stiffness degradation causes a decrease in the shear force neces-
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sary to impose A. MAs a result, since A remains constant, the component
of A attributed to the essentially ‘elastic' deformations of the model
beams and upper and lower column stubs will decrease and the component
attributed to the column deformations (of which R is a measure) will in-
crease. As discussed in Section 3.2.2, the shear degradation associated
with cyclic stiffness degradation is small prior to the failure displace-
ment, AF, and, as indicated in Figs. 3.57-3.59, R changed very little

as a result of cycling at displacement levels less than AF' However, the
shear and stiffness degradation which occurred during cycling at AF
caused a significant reduction in the shear force necessary to impose

AF and the column deformations (Fig. 3.61), and consequently, R (Figs.
3.57-3,59), do increase noticeably.

The increase in the relative story rotation which occurred during
cyceling at AF was proportional to the observed shear degradation. The
increase was 21% in models 3R and 5R and 9% in model 6R, while the shear
degradation was 44% in model 3R, 43% in model 5R and 22% in model 6R.

The variation of R with the imposed shear force H in models 4R and
1S is shown in Fig. 3.62. The H-R relationships are similar to the H-A
relationships presented earlier (Fig. 3.38 and 3.40), and indicate that
the model columns experienced significant inelastic deformation. For
example, if the yield rotation, Ry,is taken as the value indicated in

Fig. 3.55, the story rotation ductility, i defined by the expression

RI

R
=R 3.8
b4

Mg
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is approximately 6 in both models.

H-R envelopes for models 3R, 5R and 6R are shown in Fig. 3.63.

The envelopes give the peak values of R and H in the first cycle of
each displacement level of the cyclic deformation history. If Ry‘is
taken as the value indicated in Fig. 3.63, the values of UR for the
first cycle at the failure displacement are 4.0, 4.5 and 4.7 in models
3R, 5R and 6R respectively. 8So even when subjected to a cyeclic de=-
formation history with complete reversals the model columns could under-
go significant inelastic deformation before 'failure' occurred.

As previously discussed, R, and consequently UR' increased as a
result of cycling at the failure displacement (Fig. 3.57-3.5%). However,
a shear degradation also cccurred. The increase in Hp and the corres-—
ponding shear degradation for models 3R, 5R and OR are summarized in

Fig. 3.63.

3.6.2 Local Deformations

The average curvature of the 152 mm (6 inch) length clogsest to the
beam~cclumn joint was monitored during the experiments., The arrangement
of the instrumentation (Fig. 2.12), and the equation used to relate dis-
placement readings to average curvatures were based on the classical
assumption of flexural behavior; plane sections remain plane during
bending. The local deformations at two locationg across the depth were

recorded (Fig. 3.64) and converted to the average curvature, ¢ by the

avG’

expression



~75~

" _ SA - GB -
AVG al :
G

where

SA = measured deformation at depth a

SB = measured deformation at depth B

a = distance between depth A and depth B

LG = gage length

The accuracy of curvature data based on a plane section assumption
is questionable in this particular case. The possibility of significant
shear deformation (the column shear span to depth ratioc is 1.5) and the
effect of cracking and crack motion make the validity of this assumption
guestionable. Typical plastic hinge behavior at the beam-column joint
was cbserved, however, and the curvature data obtained should provide
some measure of the inelastic flexural deformation experienced by the

model column,

i Plexural Deformations under Monotonic Deformation History
Monotonic moment curvature relationships for models 4R and 18

are given in Figs. 3.65 and 3.66. Three relationships are given for

each model. The solid line is the variation of the average curvature,

¢AVG ; with the column end moment, ME . M ig defined by the expression

= . . ‘ : 3.10
ME H hc/2



~76-

where

et
[}

the imposed shear force

ja )
[

clear column height

The dashed line is the variation of the curvature determined from the

steel strain data, ¢_,,, with the moment at the location of the gages,

sT

MS . MS is defined by the expressiocn

M =H*1 3.11

where

&
f

the distance from mid column height to the gage location

l

406 mim (16 inches)

The third relationship is an analytical moment curvature relation-
ship based on the‘material properties of the model colum. The ana-
lytical steel stress-strain relationship was based on the behavior of
test specimens cut from reinforcement used in the model columns (Figs.
A.2 and A.3). The concrete stress-~strain relationship used is defined
in Fig. 2.1l5a. The deseending braﬁch glope corresponding to confined
concrete was considered in the evaluation of the moment curvature rela-
tionship. |

A similarity exists between the ¢ and ¢ST relationships, demon-

AVG

strating a consistancy in the independent measurements. A comparison of

the analytical and experimental M-¢ relationships indicates that
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a) initial yielding, which is indicated by a flattening of the
M-¢p relationship, occurs at approximately the same curvature

in both the analytical and experimental relationship.

b) the analytical vield moment is smaller than the experimental
value for the tied column (approximately 12%) but it is essen-

tially the same as the experimental value for the spiral column.

c) the analytical model for spalling is not representative of
the experimental behavior. The sudden drop in the analytical
moment capacity after the maximum moment is attained is the
result of spalling. In the experimental M-¢ relationship
spalling does not cause such a drop in the tied column while
in the spiral column a drop in the moment capacity due to

spalling does occur, but it is much smaller.

d) after the decrease in moment capacity due to spalling in the
analytical relationship occurs, the experimental and analytical
relationships exhibit similar behavior. But this is only co-
incidental. Most of the decrease in the moment capacity in
the experimental M-¢ relationship is due to a loss of shear
strength* and not a loss in flexural strength. Since the
analvtical model does not include shear strength, any decrease
in the moment capacity is due to a loss of flexural strength.

Thus the analytical relationship does not reflect the actual

* gee Section 3.4.1
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post yield behavior.

The curvature ductility, u¢  defined by the expression

[

3.12
Hy ¢>/¢y

where

S~
1]

the curvature when the M-¢ relationshiy begans to flatten.

is commonly used as a meésure of inelastic deformation. ﬂ¢ , at a dis-
placement of 88.9 mm (3.5 inches) is equal to 20 in models 1S, 10 in model
4R and 11 in model 2R, a model identical to model 4R. The average con-
crete compressive strains at a distance of 63.5 mm (2.5 inches) froﬁ the
column's edge (Fig. 3.64), assoclated with these Qalues of u¢ are 0.00,
0.014 and .01 mm/mh in models 18, 2R and 4R respectively. Assuming
a linear strain distribution across the depth of the section, the cor-
responding strains at the outer edge of the concrete core aré 0.086 mm/mm
in model 1S, 0.022 mm/mm in model 2R, and 0.019 mm/mm in model 4R. These
are significantly higher than the failure strain of unconfined concrete*
and demonstrate the improvement in the inelastic deformational character-
istics of concrete attributed to the confinement provided by tranéverse
reinforéement.

Analytical cufvature ductilities corresponding to the above com-

pressive strains are 26 for medel 1S and 8 for models 4R and 2R. The

* typically between 0.003 mm/mm and 0.005 mm/mm.
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analytical ductilities are of the same order as the experimental ductili-
ties, being conservative for the tied columns and unconservative for

the spiral column. The analytical results indicgte that while the con-
fining effect of rectangular ties was underestimated, that of the spiral
reinforcement was overestimated.

Baged on the regpective values of u¢ ; it may be conciuded that
the flexural deformation requirements at the maximum displacement were
greater in the spirally reinforced column than in the rectangular tied
column. The large difference in u¢ is attributed to two factors. PFirst
the beams and half column lengths make a larger contribution to the tip
displacement in the rectangular tied coclumns. For example a comparison
of deflected shapes at a tip displacement of 76.2 mm (3.0 inches) de-
monstrates that the beam rotations in model 4R are larger than those in
model 1S (Fig. 3.67). However this is expected since the beam shears
are also larger in Model 4R [178 kN wvs. 125 kN (40 kip vs. 2B kip)l.

The second factor is that shear deformation, particularly that due
to inclined shear cracking, is greater in model 4R. As discussed pre-
viously (Section 3.3.2) the spiral transverse reinforcement provides a
greater restraint to crack widening than rectangular ties. As a result

the inclined shear crack widths and related deformations are smaller in

model 1S than in model 4R.

1i Flexural Deformations under Cyclic Deformation History

Moment curvature (M-¢) cyclic envelopes for medels 3R, 5R, and 6R
are given in Fig. 3.68-3.70. The envelopes indicate the M and ¢ values

recorded at the peak displacement in the first cycle of each displacement
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level, Envelopes for ¢ and ¢ST are given.

AVG

The ¢ envelopes for models 5R and 6R have a common unsymmetric

AVG
feature after inelastic behavior is initiated; A bias in the curvature
data tc one side of zero is observed. An examination of the change in
curvature, A ¢AVG’in going from zero displacemént to a given tip dis-
placement iﬁ these two models (Fig. 3.71 and 3.72) indicates that the
chanée in curvature for a given displacement level is approximately the

same in either load direction. The symmetry of the A ¢ - A envelope

AVG
and also of the M - ¢ST envelope indicates that the bias in the M -~ ¢

AVG
envelopes is probably the result of a slightly unsymmetric M - ¢AVG
regponse caused by the minor differences in the cracking patterns aséoci-
ated with opposite load directions. This results in a residual curva-
ture which increases gradually as the c¢yclic displacement level is in-
creased.

The curvature ductility for the cyclic history is defined by the

expression

u¢ = EEL_ 3.13
1.0
where
¢l o = the curvature at a tip displacement of 1.0 inch, which is

the yield displacement in the cyclic deformation history.

A summary of u¢ for models 3R, SR, 6R and 28 is given in Table 8. Duc-
tility values in the first and last cycle at the failure displacement,
and the respective average compressive strains at the edge of the core

concrete (Fig. 3.84) are presented. Curvature ductilities greater than
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5 were obtained in all models at the initiation of failure. The small
ductility in model 3R is due to the fact that failure was initiated at
a tip displacement of 50.8 mm (2.0 inches) while in models 5R, 6R and 2S
failure was initiated at a displacement of 63.5 mm (2.5 inches).

As in the monotonic deformation history, ﬂ¢ in models subjected to
the balance point axial load (3R and 28), is significantly greater than
1, the expected ductility if the maximum concrete strain was limited to
the failure strain of unconfined concrete. The concrete strain data in
Table 7 indicates this strain was exceeded and demonstrates the effective-
ness of the transverse reinforcement in improving the inelastic cyeclic
behavior of concrete.

A comparison of u¢ for the first and fifth cycle shows that the in-
crease in u¢ due to cycling is small (u¢ actually decreasing in model 3R)
for models failing in shear compression (3R, 5R) but it is large in the
model failing by diagonal tension (6R). A gimilar phenomenon is evident
in the changes in compressive strains. In all three models, the relative
story rotation increased with cycling at the failure displacement, indi-
cating that the column's deformation increased (Section 3.6.1). If model
6R, in which a three fold increase in u¢ resulted in a 9% increase in the
relative story rotation, is used as a basis, the changes in u¢ in models 3R
and 5R cannot account for the 21% increase in the relative story rotation
which occurred in both these models. Consequently another deformation com-
ponent must have increased in models 3R and 5R as a result of cycling at
the failure displacement.

Models 3R and 5R both failed by the shear-compression mode, In
this failure mode significant increases in relative motion along a mid-

depth longitudinal crack were an essential feature of the failure
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mechanism. This increased crack motion was the deformaticon component
primarily responsible for the cyclic increase in the relative story

rotation in models 3R and 5R at the failure displacement.
iii Steel Strains

Longitudinal steel strains were measured in all columns at a
distance of two inches from the face of the beam-column joint. 2
summary of when yielding was first indicated by the strain gage data
is given in Tablé 8. Whether the initial yielding was tensile or
compressive is indicated. Initial vielding was observed by, or during
cycling at, a displacement level of 25.4(1 inch) in all models but 2S.

The shear force (H) - longitudinal strain (Es) hysteretic behavior
at various displacement levels in models 28 and 6R are given in Figs.
3.73-3.79. Behavior in both the first and f£fifth cycles is given in most
cases. The H—ES hysteretic behavior presented is typical.

Stiffness degradation and a loss of linearity is apparent after
first yield and may be attributed in part to the Bauschinger effect, a
common characteristic of the cyclic stress strain behavior of steel
(Figs. 3.73 and 3.77).

A pinching effect is evident in the initial phase of the compression
cycle (Figs. 3.74, 3.76, 3.78). The pinching is a result of flexural
cracking in the previcus load direction. Before the cracks close and
the concrete becomes effective in compregsion, the steel provides the
only resistance to compressive forces. The interval in which the steel
acts alone increases as the displacement increases because the cracks

widen and larger steel strains are required to close them (Figs. 3.74
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and 3.75).

The H-€S hysteretic loops experience a gradual shift to the com-
pressive side of the strain axis (Figs. 3.74 and 3.78). This shift is
caused by the degradation of the column axial stiffness. This stiffness
degradation resulted in an increase in the compressive steel strains
and stresses resisting the axial load.

The compressive strain behavior is quite different from the ten-
sile behavior (3.74 and 3.75). After the pinching effect has ceased,
the H—SS loop is stiffer in compression and has a definite linearity.

This difference is attributed to the presence of concrete.

3.7 Summary

Three distinct failure modes were observed in the model columns, a
shear-compression failure, a bond failure, and a diagonal tension failure.
In the shear-compression and bond failure modes, the failure was gradual,
resulting in significant shear and stiffness degradation, however, the
model column was still able to maintain the design gravity load. If
columns in a frame structure should experience either of these fajilures
during the response to an earthguake ground motion, the resulting stiff-
ness degradatiqn could amplify the P-A effect and as a result, increase
the possibility of collapse. In contrast to the above gradual failure,
the diagonal tension failure was sudden. After failure, the model column
was unable to resist shear forces or maintain the design gravity load.

The shear-compfession failure was primarily the result of the re-

inforcing details. The longitudinal bar and cross ties at mid-depth of
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the column created a weak plane which resulted in the formation of a
continuous longitudinal crack at mid-depth through the width of the
column. It was the degradation of the shear transfer capacity across
this crack which caused the shear-compression failure. What would have
happened in the models which failed by shear-compression if the rein-
forcing details were different is a gquestion which might warrant further
investigatiocn.

The bond failure i#i the spirally reinforced columns demonstrates
the effectiveness of spiral transverse reinforcement in maintaining the
member's shear strength. Its principal advantage over rectangular ties
is that the continuous spiral is more effective in maintaining the in-
tegrity of the column concrete than ties. The spiral's superior con-
finement characteristics and its stiffer restraint to crack widening pre-
vented significant shear degradation due to losses in the column transverse
shear capacity. Although the spiral‘reinforcement prevented a shear failure,
a significant shear and stiffness degradation did occur in the spiral col-
umns as a result of bond deterioration. Bond deterioration may also lead
to problems with respect to anchorage of the longitudinal reinforcement.

From the response of the rectangular tied columns subjected to the
cyclic deformation history it appears that a more ductile failure occurs
with higher axial lcad. Models 3R [1068 kN (240 kip) and 5R [890 kN
200 kip)] both failed gradually in a shear—compression mode while model
6R [640 kN (144 kip)] failed suddenly in a diagonal tension mode. How-
ever, the influence of reinforcing details on the shear-compression fail-

ure mode must be evaluated before a definite conclusion can be made.
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In models subjected to the cyclic deformation history the hyster-
etic behavior prior to the failure displacement was stable regardless
of the failure mode. A gradual stiffness degradétion was observed with
cycling and with increasing displacement levels, but the potential col-
umn shear resistance did not decay.

The results of the experimental program illustrate that reinforced
concrete columns, if detailed properly, can respend in a ductile manner
when subjected to high axial loads and significant inelastic excursions.
Relative story rotation ductilities greater thaﬁ 4 were developed in
all models tested prior to a brittle diagonal tension failure or a sub-
stantial shear degradation. Locally, average plastic rotations greater
than 0.02 rad were developed over a 152 mm (6 inch) length. The average
concrete strains corresponding to these rotations ranged from 0.02 mm/mm
to 0.10 mm/mm. The magnitude of these strains are significantly greater
than the crushing strain of unconfined concrete (0.003 mm/mm to 0.005
mm/mm} demonstrating that concrete can behave as a ductile material.
However, the concrete must be adequately confined by providing.sufficient
and properly detailed transverse reinforcement.

High nominal shear stresses (8.5 /fz'to 10.5 V?Z)fwhich exceeded
those corresponding to the computed flexural capacities in all but one
model (28}, were developed and maintained while the model columns experi-
enced significant inelastic cyclic deformation. This indicates that
moderate ductile behavior and the development of high shear stresses are
compatible. It should be emphasized, however, that the observed ductile

behavior was limited, i.e. if the inelastic deformation reguirements are

* The range of shear stresses given is for f' in psi. If fé is in MPa
this range becomes 0.70 Vfé to 0.87 Vfé.
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too large, a brittle shear failure, or significant shear and stiffness
degradation will occur.

Two aspects of the model columns contributed to the observed ductile
behavior, the presence of significant transverse reinforcement and the
beneficial effect of relatively high axial force on a member's cyclic
shear capacity. In addition to contributing to shear resistance, the
transverse reinforcement is beneficial because it confines the core
concrete and restrains crack widening. Consequently, cyclic degradation
of the concrete shear strength is controlled. As noted above, the con-
finement provided by spiral reinforcement controlled shear degradation
to the extent that a non-shear failure occurred. In the rectangular
tied columns, shear degradation began only after the transverse re-
inforcement crossing the critical crack had yielded. Yielding reduced
the restraint to crack widening and consegquently led to a degradation
of the concrete shear resistance, particularly the aggregate interlock
mechanism.

As found in previous investigations (8, 10) and also as recognized
in the current UBC seismic design provisions for ductile moment-resisting
frames, the presence of significant axial force (UBC recommends that
P> 0.12 fé Ag) can enhance a member's cyclic shear resistance. The
axial load tends to restrain crack widening, particularly widening of
inclined cracks, and thus limits deterioration of the concrete shear
resistance. However, the magnitude of the axial load should be less
than, or at most equal to, the balance point axial load, and sufficient

and properly detailed transverse reinforcement must be provided.
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4. ANALYTICAL INVESTIGATION

4,1 Introduction

The analytical phase of the investigation is based on a finite
element formulation. Concrete is assumed in a state of plane stress
and is represented by four-node isoparametric guadrilaterals. A non-
linear constitutive equation which approximates the effects of a bi-
axial stress condition on concrete compressive strength and stiffness
is employed. A crack line approach is used to include concrete crack-
ing in the analysis.

Both the longitudinal and transverse reinforcements are represented
by elasto-plastic bar elements with linear strain hardening. Bond be-
tween steel reinforcement and concrete is modeled by dimensionless bond
link elements. The dowel action of steel reinforcement crossing cracks
and the forces due to aggregate interlock stresses are included by con-
necting dimensionless link elements across crack lines.

Material nonlinearities and.the changingystructure topology due
to cracking require that a nonlinear solution strategy be employed. An
incremental iterative solution scheme is used in the proposed model.

Details of the material models used for concrete, the reinforcing
steel, and the link elements, details of the soclution technigque emploved,
and a discussion of analytical results are presented below. First a

discussion of why the proposed model was selected is presented.
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4.2 Discussion of the Proposed Model

4.2.1 Structural Idealization

The results of the experimental phase of the investigation indi-
cated that crack behavior was a very important system parameter. For
example, all model failures are ielated to crack behavior; the diagonal
tension failﬁre was the result of a sudden propagation of a diagonal
tension crack; the shéar—compression failure was the result of a degrada-
tion in the shear transfer mechanism across a longitudinal crack; finally,
the bond failure is due in part to local cracking arbund the longitudinal
reinforcement caused by the stress transfer between steel and concrete.
Because of the significané influence of crack behavior on the obéerved
experimental response, the development of a mathematical model which
would incorporate crack formation and propagation, and which would in-
clude the force transfer mechanisms across cracks was considered an imf
portant step in undérstanding more fully the complete behavior of re-
inforced concrete menmbers with characteristics similar to those studied
experimentally.

The desired characteristics of the model made a finite element for-
mulafion very attractive. In such a formulation, c¢racks may be easily
defined in the spatial model of the member by specifying two independent
mesh points with the same coordinates {14-17), and force transfer across
cracks may be included by coupling nodes defining a crack line with di-

mensionless links which would have stiffness properties characteristic



-89~

of aggregate interlock and dowel action of reinforcement.

4.2.2 State of Stress

The proposed model is limited to conditions of plane stress. This
limitation was imposed so that a two-dimensional finite element model
may be used, thus reducing the size of the problem to be analyzed, and
also simplifying the crack formation procedure., It is felt that the
stress state existing in reinforced concrete members which are components
of plane frames should be adequately represented by the plane stress
assumption. For example., in the experimental column the significant
stress components are the normal stresses due to the axial l§ad and
bending moment and the shear stresses due to the applied shear forces
(Fig. 4.1). Additional normal stresses in the two directions orthogonal
to these stresses are caused by the restraint of the beams at the beam-
column joint and the transverse reinforcement (the confinement steel)
to the Poisson straining. However, these stresses should be small* and
it is felt that ignoring the stress normal to the plane of loading should

have little effect on member behavior.

4.3 Concrete Tdealization

4.3.1 Finite Element Used

The assumption that the concrete is in a state of plane stress gim-

plifies the analysis in that a two-dimensional finite element model can

* Compared to the normal stresses caused by axial compression and bending
moment
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reproduce the idealized stress field. 2 number of two-dimensional
elements which may be applied to plane stress problems have been de-
veloped over the years (23,24,25). The simplest two-dimensional element
is the constant strain triangle. (Fig. 4.2a). More accurate and also
more complex two-dimensional elements are the four-node isoparametric
quadrilateral, Q4, element (Fig. 4.2b), and the eight-node isoparametric
quadrilateral, 08, element (Fig. 4.2c). The basic element used in this
investigation is the Q4 element.* This element was chosen primarily to
simplify the procedure to form crack lines, Basic element properties

are presented in Appendix C.

4,3.2 Material Law

Concrete is assumed to be an incrementally linear orthotropic
material. The constitutive relationship used is that proposed by Darwin
and Pecknold (22) and is discussed in detail in Appendix D. The incre-~

mental stress-strain relationship in glcbal coordinates is:

¥ ™ 2 . 2 ]/ - . N 1
dol Elcos 8+E251n 6 vVEl E2 | 2(E1 E2)51n6cosﬁ dsl
dc’ )= 1 E sin26+E cosze L{E_.-F_.)sinfcosb| {dc!

20 1.v2 1 2: Eh M 2

1 1 + - A ]
dle SYMMETRIC ﬁ(El E2 ZVVElEzj lez

4.1

'* The constant strain triangle is used to incorporate an inclined
¢rack line as described in Section 4.3.3.
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where El and E_, are the tangent moduli in the respective material coor-

2
dinates, Vv is an equivalent Poisson ratio, and 6 defines the angle be-
tween the material and global coordinates.

The material coordinates always correspond to the direction of the
principal stresses, that is, they rotate as the principal stresses ro-
tate. The tangent moduli, Ei’ are defined with the aid of the concept
of 'eguivalent' uniaxial strain proposed by Darwin and Pecknold {22}.
This concept i1s emploved in conjunction with a family of uniaxial com-
pressive stress-strain relationships in order to approximate the biaxial
compressive behavior of plain concrete (for details, see Appendix D).

In tension concrete is assumed to be a linear-elastic brittle material.

Poisson ratio, Vv, is agsumed constant and equal to 0.2 for either
biaxial compression or tension. For uniaxial compression or a tension-

compression stress state, V varies according to the expression suggested

by Darwin and Pecknold.

o, 4 o

2 14
Vo= 0.2+0.6 (57 + 0.4 () < 0.99 4.2

£ :
v, as defined by equation 4.2, differs little from 0.2 until rela-

tively high values of stress. For example if Ol is equal to zero and

62 is equal to 0.6f, v is 0.277. The variation of v defined by egquation

4.2 reflects experimental observations. For example, Kupfer, Hilsdorf,

and Rusch (27) found that concrete's Poisson ratio starts to increase at

a stress level of approximately 0.8fé.

As noted by Darwin and Pecknold, values of v greater than 1/2 {the

value for an incompressible material) are acceptable in plain concrete
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because material volume does increase. A limiting value of 0.99 is
imposed to ensure stabilty of the numerical solution.

In the finite element model the material stress-strain behavior
is monitored at the numerical integration points used tc evaluate the
element stiffness integral (see Appendix C) and the constitutive rela-
tionghip at these points is updated to reflect the current stress

state.

4.3.3 Tension Failure and Cracking

A principal objective of this study was to formulate a model of
reinforced concrete members which includes crack formation and propaga-~
tion and the force transfer across the cracks. To achieve this objective,
concrete cracking is included in the current development by a crack line
approach (14-17). The basic feature of the crack line approach is that
discrete cracks are formed in the structure by having a series of node
pairs with the same coordinates in the finite element mesh (Fig. 4.3).
The two nodes of any given pair are independent except for possible
coupling to include dowel action of the reinforcement and aggregate in-
terlock (Fig. 4.3).

In the model developed, the crack lines are defined by nodes at
which the biaxial tensile strength has been exceeded. The direction of
the crack line is determined by the direction of the principal tensile
stress at the cracked node. The procedure used to form crack lines in
a finite element mesh is detailed below. The work of Ngo (17) provided

the guidance and inspiration for the procedure presented.
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i Pormation of crack lines

A crack line is formed when and where the principal tensile stress,

Ol, exceeds the biaxial tensile strength criterion, FT'

g, > F 4.3

FT is equal to the uniaxial strength, fé*, for biaxial tension and for

a tension-compression stress state when

fo,| < o.e52! 4.4

2l

On the other hand, when 102| exceeds this limit:

+ 3.
P om a(l 3.28 o) £1 4.5

T 1+ o)

where o is equal to the stress ratio 01/02. This tensile failure cri-
terion was proposed by Darwin and Pecknold (22) and is based on experi-
mental behavior observed by Kupfer (27).

In the current model, an upper bound was placed on 0, with respect

1

to FT. If :

the applied load increment was reduced so the ¢, was equal to FT and a

1

new solution corresponding to the reduced load was obtained. The unap-
plied portion of the load was reapprlied as a new load step.

The upper bound on ¢. was imposed in order to limit the magnitude

1

of the force redistribution associated with cracking (Section 4.6.1).

* In this study, fé = O.lfé
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In the model development it was found that redistribution of large forces
could lead to unrealistic crack formation. For the analysis carried out
in this study,lB was taken as 1.2, |

In the proposed cracking scheme only one node is allowed to crack
in a given solution step. In any given gsolution step, the stresses at
the numerical integration points éf each element are evaluated and checked

to determine whether:

The integration point at which Ol exceeds FT by the largest amount is
identified and the node associated with it is the node that will be
cracked (Fig. 4.3). Once the cracked node has been identified, the
program alters the structure topology to form a crack line as described

below.
ii Crack formation procedure

The substructure in Fig. 4.4a will be used to illustrate the forma-

tion of a crack line. The steps in the procedure are:

a. Extract the element data of elements connected to the cracked
node, NCRK, from the element data storage file. NCRX is

assumed to be node 5 in Fig. 4.4a.

b. Establish connectivity arrays: 1) the node-element connectivity
array, NPP, which identifies the elements connected to a given
node (Fig. 4.4b); = 2) the element-element connectivity array,

KEL., which identifies elements adjacent to each other.
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Determine the direction of the principal tensile stress at NCRK,
BETA. The crack orientation, BETA, is set perpendicular to

BETA.

Determine the inclinations of the lines from NCRK to all other

nodes and store them in ROT array (Fig. 4.5).

Establish the c¢rack tip, NT, by comparing BETA with the ROT
array and checking for existing crack lines. NT is the node
whose ROT value is closest to BETA., For example, if BETA was
45° and if neither node 9 or node 1 (Fig. 4.5) were previously
cracked, there would be two values of NT, node 1 and node 9.
Once NT is established, a check is made to determine whether:
1) the new crack line is along a current element boundary {in
Fig. 4.4a if NT is equal to 6 or 8); or 2) the new crack line
will cause the splitting of an existing element (in Fig. 4.4a
if NT is equal to 9 or 7). TFor both cases a new node is created
at NCRK. Using the element-element connectivity array KEL, the
existing element node numbers are redefined to form the new
crack line. For example, if NT is equal to 8 and 2, the new
substructure in Fig. 4.6a would result. To incorporate a crack
line across an element, the existing quadrilateral element is
replaced by two triangular elements. For example, if NT is
equal to 9 and 1, the quadrilateral elements a and 4 in Fig.
4.4 are replaced by the triangular elements e, £, g, and h
shown in Fig. 4.6b.

After adding a new node and redefining the node numbers of
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elements connected to the crack node pair, the element IM
array, which relates the element degrees of freedom (DOF)

to the global DOF, is modified to incorporate the crack

line in the structure. The DOF associated with the new
nodes must first be given global equation numbers.  For
example, one could simply place the equations for the new

DOF at the end of the current set of equilibrium equations.
However, this was considered undesirahle since in general
the band width of the global stiffness matrix would increase.
This ié turn would increase the computatiohal effort re-
quired to solve‘the equilibrium equations. Instead the new
DOF are assigned the equation numbers next in sequence fol-
lowing the equation numbers associated with the newly cracked
node. This requires a complete reordering of the equilibrium
equations. However, since the structure stiffness matrix is
‘reformed in each solution‘step to account for the nonlinear
material behavior, the equilibrium equations can be reordered

rather easily.
i1ii Limitations

The current crack formation procedure has two limitations. First
crack closing is not handled automatically. In the current procedure
the crack width is checked at each node pair and if it becomes negative
(a condition which cannot exist), the program stops. The previous -
solution is saved, however, and crack closing can be effected as part

of a restart option in the program. Crack closing was handled in this
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way because possible crack patterns were limited by the mesh definition.
This limitation might cause a crack to propagate incorrectly and the
force redistribution associated with this propagation might result in

a negative crack width. For example consider the situation in Fig. 4.7.
As the crack at the fixed end propagates through the depth, the shear
stresses increase and the principal tensile stresses will become more
inclined withrespect to the Y-axis. As a result, the crack propagation
should become inclined; however, because of the mesh definition {the
fixed support), the crack formed by the current model will remain ver-
tical and the crack width of a newly formed crack segment could be ne-
gative.

Since the current development is limited to monotonic deformation
histories, the above treatment of crack closing should be adeguate for
the purposes of this study.

The second limitation is somewhat more severe. Besides being limited
by the mesh, possible crack propagation is limited to propagation into
uncracked elements, that is, a new crack segment cannot propagate as a
branch from an existing crack (Fig. 4.7). This limitation was uninten-
tional and was discovered late in the model development. It could be
eliminated by identifying existing crack lines as structure boundaries
and establishing appropriate crack formation criteria. However, because

of time considerations, this limitation was not corrected.

4.4 Steel Idealization

For simplicity both the longitudinal and transverse steel reinforce-
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ment are idealized as bar elements. The predominant stress in steel
bars used in reinforced concrete members is along the axis of the bar,
and the use of bar elements should provide an adeguate idealization of
the steel behavior. The basic behavior which is omitted by using bar
elements is the dowel action of reinforcement crossing a crack. Dowel
action is a local phenomenon, however, and is effective only when the
reinforcing steel crosses a crack line and only in the region of the
crack line. ‘Due to its local nature, dowel action has been idealized by
placing a dimensionless link across the crack line with stiffness perpen-
dicular to the axis of the bar. The properties of the dowel link are

discussed in Section 4.5,

4,4.1 Material Law

The reinforcing steel is assumed to hehave according to a symmetric
bilinear stress-strain relationship until the yield stress, Uy’ is at-
tained. After yielding, a constant hardening modulus, ESH is used to
relate stress to strain. The values of E and'ESH used in this investi-
gation are indicated in Fig. 4.8. It is felt that this bilinear material
model includes the essential features of the monotonic stress-strain

behavior of reinforecing steel.

4.,4.2 Bond

The stress transfer between tension reinforcing steel and concrete

is of major concern when one attempts to predict concrete cracking. This
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phenomenon, commonly referred to as bond, is included in this formulation
by specifying different nodal points with the same global coordinates

for the steel and concrete elements, and by defining dimensionless links
with stiffness properties representative of bond stress-slip behavior

to couple the steel and concrete elements {Fig. 4.9). This approach,
first employed by Ngo and Scordelis (14), allows relative motion between
the steel and concrete.

A typical bond link consists of two orthogonal springs: one paral-
lel to the axis of the steel bar element, the other perpendicular to it
(Fig. 4.9). The link element properties are discussed in Appendix C.
The following bond stress-slip relationship, suggested by Houde and

Mirza (31), was used to derive the parallel link stiffness:

u = 1.95 x 104 - 2.35 x 10%a% + 1.39 x 1072a°% - 0.33 x 10%%4% 4.7*

where

bond stress (psi)

o
L]

o1}
]

relative motion (slip) between the steel and concrete {in.)}

This relationship is plotted in Fig. 4.10., At the peak bond stress,
the stiffness is assumed to remain constant and be effectively zero (a
small positive value is used).

The parallel link stiffness, KH, is found as a function of the slip,

d, by differentiating eguation 4.7 with respect to d and then multiplying

* FEguation 4.7 begomes 5 2 6.3 7 2
u= .529x10"d - .251x10"d + .585x10°d” ~ .546x10 4

if uw is in MPa and 4 is in mm.
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the result by the effective link area, A.

Kgay = %g * A 4.8
where

A = mibDL

m = number of bars

2 = 1link spacing (at a given node, i, & = Ql/z + 12/2 where

21 and 22 are the respective lengths of the two bar elements
connected to node i)

D = bar diameter

The stiffness of the link perpendicular to the bar axis, KV' was
assigned a large constant value (1010) which in effect constrains this
bar degree of freedom (DOF) to be equal to the corresponding concrete
DOF. If the bar axis lies parallel to a glcocbal coordinate axis, this
stiffness can be set to zmero and the bar DOF fixed.

During the solution process, the bond links are modified to simu-
late bond failures at and near cracks. When a node cracks, any parallel
bond link connected to the cracked node is destroyed by setting KH to
zero. The force previously carried by this link is eliminated by appro-
priate nodal forces in the next solution step. In addition bond elements
adjacent to crack lines are identified and they are assumed to unload
after reaching the maximum bond force (Fig. 4.10).

The influence of the bond idealization on crack behavior, i.e.,

the use of dimensionless links, is evaluated in the analyses conducted.
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4.5 Aggregate Interlock and Dowel Action

The force transfer across cracks attributed to aggregate interlock
and dowel action was incorporated into the model by connecting dimension-
less links across crack lines generated in the finite element mesh.
Characteristics of the linkage element used in this investigation are
presented in Appendix C. The general element consists of three uncoupled
dimensionless links (Fig. 4.3). Two of the links account for dowel
action and the third link accounts for aggregate interlock. The dowel
action links are assumed to act perpendicular to the reinforcing bars
crossing the crack. If the bar is parallel to a crack, or if no bar
crosses a crack, the stiffness of the dowel link is set to zero. The
aggregate interlock link is assumed tc act parallel to the crack line.

To completely define the linkage element, 'stiffness' functions are
required to relate the shear force to the crack shear displacement for
both the dowel action link and the aggregate interlock link. A dis-
cussion of dowel action and aggregate interlock, and details of the
respective link stiffness functions used in this investigation are

presented below.

4,5,1 Dowel Action sStiffness Function

Dowel action is a result of the resistance of the reinforcing steel
crossing a crack against motion perpendicular to the axis of the bar.

Dowel resistance across a crack can be developed by three mechanisms (30):

a. the flexure of reinforcing bars (Fig. 4.1la)
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b. pure shear resistance across the bar (Fig. 4.l1lb) and

c. the kinking of the reinforcement (Fig. 4.1llc)

In Fig. 4.11 the shear force, Vd, assoclated with each of these
mechanisms is expressed in terms of the bar yield strength. It should
be noted, however, that the vield strength of a bar in shear or flexure
cannot be fully developed if the same bar is resisting an axial tensile
force.

Experimental investigations into the contribution of dowel action
to shear strength (30,31,32,33) have shown that the following parameters
influence the dowel resistance: the tensile strength of the concrete;
the net width of concrete associated with one reinforcing bar; trans-
verse reinforcement, whether it is present or not and its spacing; and
the percentage of steel reinforcement. The importance of the first
two parameters is due to the fact that the experimental dowel resistance
was generally limited by the formation of a horizontal splitting crack
along the reinforcing bar. The formation‘of this crack is influenced
by the concrete tensile strength and the width of concrete resisting
the tensile stresses which cause the splitting crack.

Typical dowel shear force, V shear displacement, AS, relationships

a’
are shown in Fig. 4.12. A bilinear idealization of the experimental
Va«AS behavior is used in this investigation to account for the change
in doweél effectiveness associated with the formétion of the splitting
crack along the reinforcing bar. The knee in the bilinear relationship
corresponds to the magnitude of Vd at which a hypothetical splitting

crack occurs. This force is refexred to as the dowel splitting load,

D and it is defined by the following relationship suggested by Houde

Fl
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and Mirza {(31).

1/3 . . . ..
= ' v
DF(lbs) 40 bn (fc} [for fc in psi and bn in inches]
1/3 . s .
D_(kn) = ,037 b (f') [for £' in MPa and b in mm] 4.9
F n ol o] n
where

bn = net width of concrete associated with one reinforcing bar

/3 .
(fc) = a measure of the concrete tensile strength

The following Vd—As relationship is used in conjunction with the

definition of DF in eguation 4.9 (31).

Vd(lbs) = 2000 -+ DF . As Vd < DF [for DF in lbs and Ag in in.]
Vd(kN) = 79 » DF . As [for DF in kN and A.s in mm)
Vd(lbs) = 20 -+ DF . As Vd~z DF

Vd(kN) = .79 ¢ DF . As 4.10

It should be noted that this dowel stiffness function does not
depend explicitly on the transverse reinforcement, in particular its
spacing. However, as indicated in Fig. 4.12, the influence of trans-
verse reinforcement on dowel action is not effective until after split-
ting occurs. Consequently only the post splitting stiffness should re-
flect this influence. The fact that the effect of transverse reinforce-

ment on dowel behavior has not been quantified and the desire to keep



-104-

the function simple led to the post splitting stiffness defined by
equation 4.10.

Another péint which should be made is that the same dowel link
stiffness function is employed for both the longitudinal and trans-
verse reinforcement links. Its use for the latter link may be ques-
‘tionable since the stiffness function is based on experimental behavior
of specimens in which the dowel steel placement was characteristic of
longitudinal reinforcement. However, for the sake of simplicity, pos-
sible differences in dowel behavior which may be attributed to the

location of the reinforcement are ignored.

4.5.2 Aggregate Interlock Stiffness Function

When a shear displacement between two faces of a crack occurs, a
number of coarse aggregate particles projecting across a crack will
enable shear forces to be transmitted. This phenomenon is referred to
as aggregate interlock. Experimental investigations of the contribution
of aggregate interlock to shear strength (31, 32, 33) have indicated
that the width of the crack, the shear displacement, and the strength
characteristics of the aggregate particles are the principle variables
influencing the magnitude of the shear resistance developed by aggre-
gate interlock. Typical experimental results are shown in Fig, 4,13,

As one would expect, the stiffness of the shear stress, TA' shear
displacement, AS ¢ relationship decreases as the crack width increases.

- Houde and Mirza (31) idealized the dependence of the TA-AS relationship

on the crack width by the expression:
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H]

TA(psi} [for ¢ and AS in inches]

]

57(£)3/2 A
s}

TA(MPa) [for ¢ and AS in mm] 4.11

S

l.98(l)3/2 A
C

where ¢ is the crack width.

Equation 4.11 is used in this investigation with the following

modification:
sty = 5AEVYZ (0225 « JET - .409)A [for £' in psi]
a'f c) ’ c s c
4.12
T (MPa) = 1.98(£)3/2 (.272 « JEV - .409)A [for £' in Mp, ]
A c, c s c a

The additional term is due to Fenwick and Paulay {(33) and is included to
account for different concrete strengths.
In order to determine the aggregate interlock link stiffness, KA'

equation 4.12 is differentiated with respect to As:

dt

A - . 3. 1\3/2 -
53;-(lb/1n )= 57(0) (.0225 /f: .409) \ 4.13

and the result is multiplied by the crack surface area, A , associated

Sa
with the node pair across which the link is connected:
art
3 = A - = £3/2 L}
KA(lb/ln) = dAS Aoy = 57(0) (.0225 Vfc .409)(ASA) 4.14

Though independent of the shear displacement, KA is a nonlinear function
because of its dependence on the crack width.

From equation 4.14 it is seen that as the crack width goes to zero,
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KA continues to increase and could reach values greatexr than the shear
modulus of uncracked concrete. In order to prevent this, a minimum fic-
titious crack width is assumed in the computation of KA' A value of
0.025 mm {0.001 in.) was used in the current development and was selected
to ensure that the effective shear modulus associated with Ky was less

than the shear modulus of uncracked concrete.

4.6 Solution Technique

A finite element idealization of a structural system results in the

following equilibrium equation.
Xuw-=2=~R 4.15

where K is the structure stiffness matrix, u is the unknowﬁ nodal dis-
placement vector and R is the nodal load vector. Equation 4.15 is solved
for u which is then used to determine element stresses. Because of non-
linear material behavior, and the changing structure topeclogy due to
cracking, the relationship between u and R in the proposed model is non-
linear, that is, K is not constant but depends on u (Fig. 4.14a). As a
result an incremental iterative solution technique is employed to golve
equation 4.15. 1In this scheme the external load compcnent of R is applied
in a number of increments. For each load increment, a number of itera-
tions are performed in which K is updated to reflect the most recent
stress~strain field and structure topology. Tteration is continued until
the established convergence criteria are met or until an iteration limit

is exceeded. Details of the sclution procedure are given below.
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4.6.1 Solution of Equilibrium Equations

The first Step in the analysis is to define the structure to be
analyzed. The nodes, elements, and associated material properties which
compromise the finite element model of the structure are specified. The
initial structure stiffness, 50, is then established from this mesh
definition. After all element stresses and the total displacement vector,
u, , are initialized to =zero, the solution procedure begins. A step-by-
step description of the sclution procedure, starting at an arbitrary load
step, j, is given below. Two subscripts are used to label terms used
in the discussion; the lower subscript indicates the load step, and the
upper subscript indicates the iteration number. The initial solution

in a given load step is labeled iteration O.

4.6,2 Steps in Solution Procedure

a. Solve

K A, = _Ag‘:il’ for ggg’ 4.16

where AR? contains the new increment of external load plus any residual

element nodal loads (Step c¢.5) remaining from the previous load step.*

b. Update ET

o
Up = G + égi 4.17

. o)
c¢. TFor each element, using égj:

1. find the increment in element stresses, égg., based

s ; o . .
* In equation 4.16 it is assumed that the inverse of K, exists and is
unique ]
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on the constitutive equation used to form 5; .
reformulate the constitutive equation based on the
current stress-strain state and evaluate the actual
stfess increment,‘§§§ .

reform the element stiffness matrix using the new
constitutive equatibn.

update the element stresses

g =0+ Ao. : 4.18

2

J

find the residual element nodal forces

T o =0
- v 4.
P f L B (AG. AO,) dvol 19

check for stress convergence. The sguare root of the
sum of the squares of the element stresses is used as

a norm in the convergence criterion

O  TO
l_AE' - _A_G_'ISS
3 3 < STOL 4.20
o
— 88
where
o] = V2 2 2
ss Oll + 022 + le
STOL = the stress convergence tolerance

The convergence otiterion expressed by eguation 4.20 is
evaluated at each stress point in an element.
check for a concrete tengile failure (only in concrete

elements).
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If the stress convergence criterion is satisfied for all
elements, that is, if equation 4.20 is satisfied for all
elements, and no new crack line is to be formed, increase

the load step count by one:

and read the next lcad increment. Then the procedure is
started from step 'a' again, If the stress convergence cri-
terion is not satisfied for all elements, or a new crack line
is to be formed, the procedure is continued. The solution
steps 'a' through 'c¢' are illustrated in Fig. 4.14b.

check displacement convergence. As in the stress convergence
criterion, the square root of the sum of the squares of the

displacements is used as a norm:

l Eg $s
——= < TOLD 4.21
=] . |

ss
where
|u,.] = V2 2 : 2

+ + ..+

TTss Yir T Yor Y
ul, u2, I - = the components of the displacement vec-
tor.
TOLD = displacement convergence tolerance.

Check for crack formation. If both the stress and dis-

placement convergence criteria are not satisfied proceed with-
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out forming crack line. This condition on crack formation
was established to allow stress redistribution associated
with nonlinear material behavior to occur. In the develop-
ment of the solution scheme, it was found that this stress
redistribution could change the crack formation. If both
convergence criteria are satisfied ox if the displacement
criterion is satisfied and one iteration has already been
completed to obtain stress convergence, a new crack line

is formed. The second criterion for crack formation was
established to reduce the number of stress iterations be~
fore crack formation was allowed. It was found that, typi-
cally, the concrete element stresses changed very little
after one iteration. It is felt that requiring displacement
convergence, which is a measure of global convergence, will
account for cases in which concrete stress convergence takes

more than one iteration.

. . 1 .
Form the new structure stiffness matrix, Ej . The matrix
E§ includes any additional degrees of freeedom and any ele-
ment modifications necessary to include a new crack line in

the structure.

Solve:

K. . for Au’ 4.22
=] ] ] —
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where

1 !
ﬁj - zelements 2g

4,23

In addition to the nodal loads defined by equation 4,19,

EP .

1.

includes the following nodal forces.
The forces previously transferred across a newly
cracked node are redistributed to the cracked structure.
In the crack formation procedure the ncdal forces cor-
responding to the existing element stress field, E:;i
are evaluated at the node to be cracked (NCRK in Fig.

4,15) by the expression:
S = [ BT o aval 4.24

where g, is the current stress field in element and §§T
is the transpose of that part of the strain displace-
ment transformation matrix associated with the cracked
node in element 1i.

When an inclined crack is formed a nonequilibrium con-
dition will in general exist at the nodal points de-
fining the new triangular elements because the stress
approximation in the triangular and quadrilateral ele-
ments are different. In order to eliminate any unbal-
anced forces whichresult from the element replacement,
the following equilibrium correction is made.

The nodal forces corresponding to the stress fields in

the new triangular elements
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PTRI _ .f

T T
+ .
vo1,B1 8y 4Voly + vor, Bp Tp VOl 4.25

are subtracted from the nodal forces corresponding to the

stress field in the ¢ld gquadrilateral element, gg:
gg - _9 _ E?RI 4.26

The difference,_gg is applied in the next solution step.
It should be noted that in the summation defined by
equation 4.25, only terms corresponding to the same
global degrees of freedom are combined.

3. In order to effect a bond failure at a cracked node
the. force in any bond link connected to the node is
set to zero by adding the global componenﬁs of the
link force to the nodal forces corresponding to the

reinforcement degrees of freedom.

The above force redistribution assbciated with cracking per-
mits the structure topolegy to be changed as part of an in-
cremental solution scheme. This is considered an attractive
feature of the proposed solution strategy. Without force re-
distribution, the solution process would have to be restarted
from a zero stress state each time a new crack segment is
formed. This was undesirable for two reasons. First, the
computatiqnal effort required to obtain a given solution
would increase if it was necessary to restart the solution

because iteration attributed to material nonlinearity would
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have to be repeated sach time the. solution was restarteqd.
Second, path dependent characteristics of material non-
linearities might be lost if the solution had to be re-
started.

Update the displacement vector:

Repeat procedure in step ¢, 1-7 with the stresses found

from the displacement increment, égé .

The solution steps of the first iteration are illustrated

in Fig. 4.14c.

If both convergence criteria are satisfied and no new crack
lines are to be formed, the next load increment is applied
and the procedure is started from step a with j = j+l. If
not, the iteration count is increased by 1 and steps e
through j are repeated. Iteration in a given load step is
continued until all convergence criteria are met and all
crack lines are formed or until a preset iteration limit 1is
exceeded. If the iteration limit is exceeded, the solution
is stopped. Restart capabilities are built into the program,
perﬁitting the sclution up to the stop point to be saved and
used again if the causes of nonconvergence can be corrected.
The solution procedure is illustrated schematically in Fig.

4.16.
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4,7 Evaluation of the Proposed Model

4.7.1 Problems Analyzed

In order to evaluate the effectiveness of the proposed equilibrium
corrections in implementing structure topology changes within the context
of an incremental solution strategy, and in order to determine the sen-
sitivity of crack formation and propagation to the proposed idealization
of local phenomenon such as bond, aggregate interlock, and dowel action,
two relatively simple problems have been analyzed, a cantilever member
subjected to axial tension and a cantilever member subjected to axial
compression and a tip shear forxce (Fig. 4.17). The same material pro-
perties were used in both problems (Fig. 4.17b). Except for the longi-
tudinal reinforcement at mid-depth, the cross section of the cantilever
analvzed is a third-scale model of the rectangular tied columns studied
in the experimental phase. The results of the analyses are discussed in

the following sections.

4,.7.2 Evaluation of Solution Strategy

A basic feature of the proposed cracking model is that the structure
topoclogy changes as new cracks form and existing cracks propagate, i.e.,
element connectivity is altered, existing elements eliminated (bond
failure) and new elements are created (triangular elements to incorporate
inclined cracking and dowel and aggregate interlock links). The topology

changes can be incorporated into the finite element idealization quite
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easily by proper modification of the mesh (Section 4.3.3), however, the
existing stress field must also be modified to reflect the new topology.
One approach to modify the stress field is to restart the solution from

a state of zero stress each time a new crack segment is formed. Because
material nonlinearities are included in the proposed model, this was con-
sidered inappropriate {(Section 4.6.1 (h)). Instead, the topology changes
associated with cracking were effected as part of an incremental solution
strategy by applying additional nodal forces to correct nonequilibrium
conditions attributed to crack formation (Section 4.6.1 (h)).

The effectiveness of the proposed solution strategy may be checked
by comparing results which are obtained incrementally with those obtained
by restarting the solution from a zero stress state. Provided the path
dependent characteristics of the material nonlinearities are not signi-
ficant, the results of the two solutions should be essentially the same
if the proposed equilibrium corrections adequately redistribute the un-
balanced nodal forces associated with cracking. As an illustration,
the results of an incremental and a restart analysis of a cantilever sub-
jected to axial compression and shear forces are compared below.

The finite element mesh emploved is shown in Fig. 4.18a. The crack
pattern indicated in Fig. 4.18b was obtained after six load steps. During
the incremental solution, bond failure was effected at node A and an in-
clined crack was formed (Fig. 4.18b). Consequently, all possible equili-
brium corrections have been applied to obtain the crack pattern indicated.

The cracked mesh indicated in Fig. 4.18b was defined externally and
analyzed starting at a zero stress condition. From a comparison of the

results of the restart solution with the results obtained incrementally,
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the following observations may be made.

1. The global behavior and behavior away from the crack lines was
virtually £he same. For example, the tip displacement was
.00934 in the incremental solution and 0.00932 in the restart
solution.

2, The difference in tension steel stresses was small and the
stresses in the bars connected to the node at which a bond
failure was effected are essentially the same (Fig. 4.19b).

3. The difference in crack displacements was small (Fig. 4.19c).

4, A significant variation in the two solutions occurred in con-
crete element stresses adjacent to crack lines (Fig. 4.20b).
These differences may be attributed to path-dependent charac-
teristics of the material behavior. In the incremental solution,
the axial load was applied first, imposing compression on the
entire cross section. With the application of shear force, there
is a stress reversal in the elements on the tension side of the
specimen (Fig. 4.20}. This stress reversal did not occur in the
restart solution because the total shear and axial force were
applied simultaneously. Consequently, a difference in material
behavior is expected in the two solutions. Tt should be noted
that the actual difference in the two solutions was small (items
1-3) and only appear large in this comparison because the stres-

- ses being compared are small. If the stresses are large*, for
example element D in Fig. 4.20a, the differences in stress were

only minor (Fig. 4.20b),

* In this discussion, a large stress is of the order of magnitude of the
tensile failure strength 3.44 MPa (500 psi).
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A comparison of principal concrete stresses at the crack tip

defined by node e is given in Fig. 4.20c. The relatively large

difference in the principal tensile stresses (as high as 20%) is

attributed not only to the path-dependent material behavior

{item 4), but also to the correction forces associated with the

triangular element replacement in the incremental solution.

Although relatively large, these differences are considered

acceptable because:

a)

b}

c)

d)

e)

they are not solely the result of the triangular element
replacement

the direction of the stresses is essentially the same in
both solutions (Fig. 4.20c).

the difference in tensile stress is smallest (13%) at the
point with the largest stress, i.e., the point at which
the next tensile failure is expected (Fig. 4.20c}.

items 1-4 indicate very little difference between the two
solutions.

finally, concrete tensile strength cannot be defined with
any more accuracy than the potential variation in tensile

stresses indicated by this comparison.

It is felt that the similarities betweeen the incremental and re-

start solutions presented above demonstrate that the proposed equili-

brium corrections permit the structure topology to be changed during an

incremental solution process.
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4.7,3 Use of Link Elements

A number of dimensionless link elements have been incorporated into
the proposed idealization to model bond between steel and concrete and
to include the force transfer across cracks attributed to aggregate
interlock and dowel action. As discussed in the following sections,
the analyses carried out indicate that crack formation and propagation

are sensitive to the presence of these links.

i. Bond Link

Consideration of the stress transfer between steel and concrete
{the bond phenomenon) is essential for prediction of realistic crack
patterns in reinforced concrete members, particularly crack spécing.
The modeling of this phenomenon by dimensionless links, however, can
digtort the stress field in the vicinity of the bond link., This is
illustrated by the analysis of a cantilever subjected to axial tension
(Fig. 4.17). The mesh emploved is shown in Fig. 4.2la. A symmetric
boundary condition is imposed at mid-depth to redude the size of the
problem. 1In the analysis, concrete is assumed to be an elastic iso-
tropic material.

Application of axial tension resulted in the formation of a crack
at the support. The crack propagated through the depth as the axial
tension load remained constant, After this crack had formed, the load
was increased and a second crack formed at 40.6 mm (1.6 in.) from the
support at node i (Fig. 4.21b), the node at which the bond link was

connected, This crack propagated down to node j and then at node k the
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propagation became inclined (the principal tensile stress indicated an
inclination of approximately 30°). Inclined crack propagation is attri-
buted to the shear stress associated with the force transferred to the
concrete elements from the steel elements by the bond link. An exam-
ination of the stresses in element 1 before cracking demonstrates the
existance of this shear stress (Fig. 4.21c). Although similar shear
stresses would exist in real reinforced concrete members, the magnitude
of shear stress found in this analysis is believed high because of stress
concentrations associated with the bond link. In addition, it is felt
that the finite element mesh used in the analysis does not adequately
reflect the actual shear stress gradient through the member depth (the
shear stress should decrease more rapidly than indicated in the analysis).
Consequently, the observed inclined c;ack propagation is considered un-
realistic. In addition to mesh refinement, the use of a continuous bond
element similar to the joint element (Fig. 4.21d) developed by Goodman,
Taylor and Brekke (35) is recommended in order to eliminate the inclined
propagation. It is felt that a continuous bond element should provide

a more uniform stress transfer between steel and concrete elements and
consequently should reduce stress concentrations attributed to dimension-~

less links.

ii. Aggregate Interlock and Dowel Links

In order to include the stress transfer across cracks, dimension-
less links with stiffness properties characteristic of aggregate inter-
lock and dowel action were connected across crack lines (Fig. 4.3). As

with the bond link, the concentrated nodal forces transferred to the
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concrete elements by these links appear to effect crack propagation.
This is illustrated in the following example.

As discuséed previously (Section 4.7.1), the crack pattern for the
cantilever subjected to axial compression and shear depicted in Fig.
4.22a was obtained after 6 load steps. 1In the next load increment,
the tensile failure criterion was exceeded at nodes j and % {(Fig. 4.22a).
The program attempted to form a crack at node j since the tensile failure
criterion was exceeded by a larger amount at this node. As previously
noted (Section 4.3.3iii), crack propagation as a branch from an existing
crack line was not incorporated intc the crack formation procedure and
as a result subsequent analysis was incorrect.

An eiémination of the stresses in the elements connected to node
j (Fig. 4.22b), however, indicates that the tensile failure may.be a
conseqguence of the concentrated force applied to this node by the dowel
and aggrégate interlock links [a total force of 1.47 kN (330 lbs) was
transferred by the links]. The large difference in element stresses at
the integratioﬁ points corresponding to node j (Fig. 4.22b) indicates
a stress concentration which may be attributed to this nodal force.

Two changes would be required to reduce this stress éoncentration.
First, as with the bond phenomenon, aggregate interlock should be
modeled by a continuous joint element (Fig. 4.21d). Secondly, the
dowel behavior Gf the reinforcement should be considered directly by

modeling the reinforcement as plane stress elements.

4.7.4 Mesh Size

The sensitivity of crack formation to the finite element mesh size,
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which has been alluded to previously (Section 4.7.3), was also investi-
gated. It was found that a relatively refined mesh is regquired to ob-
tain reasonable crack behavior. Basically, it is necessary to define
a mesh which will accurately reproduce the expected stress gradients
through the depth and along the length of the member being analyzed.
To illustrate this point the crack patterns obtained for two different
meshes (FPig. 4.23) used in the analyses of the cantilever subjected to
axial compression and shear are compared in Fig. 4.24.

A difference between the two crack patterns is evident in crack
formation away from the fixed end of the cantilever. In mesh A, the
tensile failure criterion was exceeded first in element 1 at the stress
integration point corresponding to node i (Fig. 3.24a), and a new crack
segment is formed at this ncde. In the next soclution step, a new crack
line forms at ncode j and propagates upward. The resulting crack pattern
is considered unrealistic and is attributed to the coarse element grid
in this region.

It should be noted that when the crack formed at node i, the prin-
cipal tensile stresses in element 1 at the stress integration points
corrregponding to nodes i and j were, as one would expect from the
element stress approximation, essentially constant [3.37 MPa (488 psi) at
node j and 3.41 MPa (495 psi) at node il. waever, since cracking is
effected at thé node where the tension failure criterion is exceeded
by the largest amount,.the crack was formed at node i. In addition,
the tensile failure criterion was exceeded at the stress point in element
2 corresponding to node j. 1In the next solution step, because of the

coarseness of the element grid in this region, the eguilirium corrections
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associated with crack formation at node i had essentially no effect
on the stresses in element 2. As a result, the tensile failure cri-
terion was still exceeded at the stress point in element 2 corresponding
to node j.

The crack pattern obtained using mesh A indicates that the stress
field approximation corresponding to this mesh is inadequate and,
since crack behavior depends on the stress field, the resulting crack
behavior is unrealistic. The crack pattern obtained with the refined
mesh confirms this conclusion as only one crack formed away from the

fixed end.

4.8 Summary

The results presented in Section 4.7 demonstrate that the proposed
incremental solution strategy can be used to incorporate topology changes
into a finite element mesh, i.e., the proposed equilibrium corrections
adequately redistribute nodal forces previously transferred across
newly cracked ncdes.

In order to obtain realistic crack behavior the fineness of the
finite element mesh must adequately reproduce the stress field in the
member being analyzed.

A number of problems exist in the current formulation with respect
to prediction of crack formation and propagation. Besides limitations
in the crack formation procedure with respect to crack closing and
possible crack propagation, the use of dimensionless links to model

bond between steel and concrete, and the force transfer attributed to
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aggregate interlock and dowel action appears to cause stress concentra-
tions which effect crack formation and propagation. It is clear that
before the proposed model can be used in the study of the problem in-
vestigated experimentally it is necesgsary to
1. generalize the crack formation procedure so that crack closing
and reopening is considered and so that crack segments can form
as branches of existing crack lines.
2. develop continuous joint elements which can be used to include
the bond~slip and aggregate interlock phenomena in the model
so that stress concentrations associated with the dimensionless
links currently used tc model these phenomena can be eliminated
3. explore the use of plane elements to model the reinforcing steel
so that dowel action can be considered directly and the need

for dowel links eliminated.
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5. CONCLUSICNS AND RECCMMENDATIONS

This chapter reemphasizes the more important observations made
during the evaluation and discussion of results and suggests some areas,

both experimental and analytical, which should be explored in the future.

5.1 Experimental Phase

From the experimental results it is apparent that short (a/d<2)
reinforced concrete columns subjected to high axial loads f{axial loads
near or above the balance point axial load (PB:'BPULT)] can, if reinforced
to satisfy code recommendations for ductile moment resisting frames (3),
behave in a ductile fashion when subjected to cyclic inelastic deforma-
tions induced by earthquake ground motion. Relative story rotation
{story drift) ductilities greater than 6 were observed in models sub-
jected to the monotonic deformation history and greater than 4 in models
subjected to the cyclic history before brittle shear failure or sub-
stantial shear degradation. The corresponding member plastic rotations
were greater than 0.06 radians and 0.03 radians respectively.

The above results demonstrate that cyclic inelastic excursions re-
duce the maximum inelastic deformation a member can experience in a
given direction. On the basis of this obserxrvation it is recommended
that when deformation capacity controls design it is necessary to gpecify
not only the magnitude of the peak deformation but alsc the.number and
type (full or partial deformation reversals) which can be expected at

this peak deformation.

Preceding page blank
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Although the observed inelastic behavior prior to failure has been
termed significant, the context in which it is considered significant
must be emphasized. In the event of a severe earthquake ground motion,
the experimental deformation capacities are considered adequate for
columns which are components of ductile moment-resisting frames designed
on the basis of a weak girder-strong column philosophy. In such struc-
tural systems, the number of inelastic excursions that a column will
experience is small and the magnitude of deformation limited (36).
However, it is felt that the observed inelastic behavior could prove
inadegquate forlcolumns of lateral force resisting systems which do not
conform to a weak girder-strong column design philosophy.

The observed inelastic behavior indicates that columns which are
designed and constructed on the basis of the 1973 UBC code requirements
for ductile moment-resisting frames should possess sufficient ductility
to experience a limited degree of inelastic behavior without detrimental
effects. It should be emphasized that the model columns were constructed
under what may be considered ideal conditions. Anchorage and splicing
of the column longitudinal reinforcement were not considered, the work-
manship involved in the fabrication of the model was exceptional, e.g.,
ties were carefully placed and hooked around the longitudinal reinforce-
ment, and the concrete used in the models was of high guality. The in-
fluence of these factors on member behavior should be evaluated.

Spiral transverse reinforcement appears more effective in prevent-
ing diagonal tension. and shear-compression type failures than rectangular
ties. A spiral's principal advantage over rectangular ties is that it

provides more effective confinement of the core concrete. However, the
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spiral transverse reinforcement creates conditions conducive to bond
failure. The relatively cloge spacing of the spiral (when compared to
typical tie spacing), and the fact that cover spalling is more extensive
in spirally reinforced columns reduce the concrete in contact with the
"reinforcement. In addition, for a given column size spirally reinforced
columns will typically contain larger longitudinal bars than rectangular
tied columns with the same design moment capacity. It should be noted
that the observed bond deterioration along the leongitudinal reinforce-
ment in the spirally reinforced columns could lead to problems with re=-
spect to the anchorage of this reinforcement.

The results for the rectangular tied columns subjected to the cyclic
deformation history indicate that higher axial loads (provided the axial
load remains less than or equal to the balance point axial load) lead to
a more ductile failure mode. Although all columns developed story drift
ductilities greater than 4 prior to failure, the characteristics of the
two failure modes observed were quite different. The failure mode (shear-
compression) in columns subjected to axial loads of 1068kN (240 kip) and
890 kN (200 kip) was characterized by a gradual shear degradation and
the fact that the medel column could sustain the design gravity load and
is considered more ductile than the failure mode (diagonal tension).
in the column subjected to an axial force of 640 kN (144 kip), which
was sudden and caused a reduction in the column's capacity to resist
gravity loads. It should be emphasized, however, that this conclusion
is not meant to be general but applies only to the columns tested.

A comparison of the experimental shear strengths at yielding with

strengths computed on the basis of analytical flexural capacities indi-
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cates that the experimental strengths were equal to or greater than the
analytical strengths in all cases but one. If actual material properties
are considered.and if code capacity reduction factors are ignored, the
shear capacity computed on the basis of the UBC design requirements (3)
is equivalent to the shear strength required to develop a member's
analytical flexural capacity (Section‘2.7). Consequently, the experi-
mental results indicate that the code provisions adequately define a
member's shear strength. However, the shear degradation (shear failure)
which was observed in the experimental program, in particular the
failures in models 4R and 6R, indicate that if the severity of the expect-
ed inelastic deformation is greater than that observed here, the code
provisions for computing shear strength are inadequate.

Concrete degradation (indicated by cover spalling and severe crack-
ing of the core concrete) attributed to severe inelastic excursions will
cause a significant, if not complete, degradation in the concrete shear
strength and code provisions for shear strength, which are based on a
completely different deformation state (service load diagonal cracking),
are not reliable. Conseguently, a relationship to define the concrete
shear strength as a function of a design inelastic deformation lewvel,
which should reflect the influence of the type and number of reversals,
is reguired. Since the extent of concrete degradation will alsc depend
on the degree of confinement, this parameter should also be considered
in such a function.

The behavior of models 6R and 4R indicates that the shear strength
of the concrete core is lost suddenly and, as now designed (according

to UBC provisions), a sudden diagonal tension failure occurs. To prevent
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or delay such a failure, properly detailed shear reinforcement can be
provided to resist the entire design shear. Instead of increasing the
shear reinforcement, a sudden diagonal tension failure could be pre-
vented by providing adequate confinement to control the degradation of
the core concrete. The behavior of the spirally reinforced columns
suggests a design in which the reinforcement cage of a rectangular tied
column would include a circular spiral in the zones of expected inelastic
deformation. These design alternatives to prevent brittle shear failures
should be investigated in order to evaluate their effectiveness and also
their practicality.

In order to establish design criteria for inelastic deformation,
one guestion remains. What magnitude of inelastic deformation is a
given member expected to experience in response to a severe carthquake
ground motion? The answer is not easily attained. Tt depends on the
structural system of which the member is a component, the design philo-
sophy employed in proportioning members of the structural system, and
the characteristics and severity of the ground motion. An investigation
should be undertaken which attempts to answer this question by assessing
the nonlinear response of realistic structural systems to typical
earthguake ground motions of different severity.

In addition to the gquestions raised above, future studies of in-
elastic column behavior should attempt to answer the following.

1. How much transverse reinforcement is required to ensure ductile
column behavier? In this study the percentage of transverse reinforce-
ment is high. The effect of decreasing the amount of transverse

reinforcement should be evaluated, particularly in the case of spiral
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reinforcement. Based on the inelastic behavior of spirally reinforced
columns observed in this investigation, the current code requirement

to consider only two-thirds of the spiral area in the shear design com-
putations is considered conservative and should be reevaluated.

2. What is the effect on the inelastic column behavior of com-
pressive axial forces above the balance point load, tensile axial forces,
and axial forces which vary with lateral loading?

3. Would a more heavily reinforced section behave differently?

The longitudinal steel percentage in both columns tested was low (1.4%
and 1.7%). The effect of higher steel percentages (3%-4%) on column
behavior should be evaluated.

4. Did the reinforcing details in the rectangular tied columns
influence the failure mode? It is felt that the longitudinal bar at mid-
depth and the cross ties spaced at 2 in. played a significant role in
the formation of the mid-depth longitudinal crack. Studies should be
conducted to evaluate the validity of this conclusion.

5. What effect does biaxial loading have on inelastic column be-
havior? In real structures, columns are components of three-dimen-
sicnal frameworks. When these systems are excited by a real earthquake,
the columns will be subjected to biaxial lcading. The effect of biaxial

bending moments and shear forces on column behavior should be studied.

5.2 Analytical Phase

From the problems encountered in the development of an analytical

model which could predict the behavior of reinforced concrete columns
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such as those tested in this investigation, as well as the results
obtained by applying the model developed to simple cases, the following
observations can be made.

1. There is a need for an analytical model which will predict
formation, propagation and closing of cracks in reinforced concrete
members. The finite element method of analysis seems to be the most
rational approach for the development of such a model.

2, Tt is felt that a finite element model of reinforced concrete
which includes the main features of the one formulated here, in parti-
cular the use of a c¢rack line approach to model concrete cracking and the
consideration of force transfer across cracks, would be a useful tool
in the study of inelastic behavior of reinforced concrete members.

3. An incremental solution strategy'is essential if realistic
nonlinear material behavior is to be incorporated into the mathematical
idealization and it is felt that the strategy developed here can be
used as a basis for future work in this area. The proposed equilibrium
corrections permit changes in structure topoclogy to be implemented with-
in the context of an incremental solution strategy, thus avoiding re-
starting the solution from a zero stress state each time a new crack
segment is formed.

4. The main parameters (bond slip, aggregate interlock, and
dowel action) controlling the behavior of cracked reinforced concrete
have been incorporated in the model. Additional experimental data ié
required in order to establish

a} A refined tensile failure criterion for concrete subiected

to multiaxial states of stress.
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b) more accurate and general idealizations of the bond-slip,

aggregate interlock and dowel action phenomena,

5. The use of dimensionless links to model bond between steel
and concrete, and the force transfer attributed to aggregate interlock
and dowel action appears to cause stress concentrations which effect
crack formation and propagation.

6. 1In order to obtain realistic crack behavior the fineness of
the finite element mesh must adequately reproduce the expected stress

gradients in the member being analyzed.

It is hoped that the problems associated with link elements which
were revealed in this study can be eliminated and the crack formation
procedure generalized by future work in this area to enable the full
potential of such a model to be evaluated.

When such a model is able to éredict the general inelastic behavior
of reinforced concrete members, the use of substructure techniques to
study the nonlinear behavior of simple structures should be explored.

In such analytical technigues, refined finite element idealizations of
regions of expected inelastic behavior such as the ends of beams and
columns and/or beam-column joints, may be defined as macro-elements.

By defining proper boundary constraints, the macro-elements can be con-
nected by conventional beam elements to define a simple frame or experi-
mental subassemblage. It is felt that such an idealization would sup-
plement experimental studies in deriving a more global mathematical
idealization to predict the nonlinear behavior of reinforced concrete

members.
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TABLE 1 SUMMARY OF PREVIOUS EXPERIMENTAL STUDIES

T_ ES;SNCE AXIAL CALCULATED NOMINAL
CROSS o LOAD MOMENT SHEAR p
SECTION ﬁ?? fyG 2A;;g EATIO | , |CAPACITY sTRESS | ¥
INVESTI- [ b % h < %5y 100| B B/bh | o H a |M/abe My 10
GATION | {in.Xin.)i(psi)] (psi)|bh (ksi) |{ksi) ] "B | (k-in) d | (psi} bs
0.6| 2100 0
Lo ho1ol 200 2| 1060 | o, .22, .44, .88, 1.0)
h.a]l 700 | o
2.4] 520 {0
0.6] 1645 [ o
vamaon | 6.4%6.4 4700 47,000 2.1 1.8 | .08 | .54] 170 124 820 10 .
ONE WAY 1.8] 550 § o 1
SHEAR
{6) 2.4 410 4]
0.6] 820 | o
o 0 90 1.2 410 0]
1.8} 270 lo
2.4 200 0
]
YAMADA 1.0 J1.10) 200 1.2) 1060 | 1.18, .71, .29, .50
cYerTc 6.4%6.4 |4700 [47,000| 2.1 1.8
erenn7) .98 | .54 170 1.2| 820 | 1.18, .71, .20, .44
.55 | .40| 705 2.8| 385 | .33, .48, .67, .92, 1
h 1.47
I
(g?r 6 x 12 {4500 {72,000 2.4 1.4 | .35 | .26{ ss0 2.8 350 | .33
0 0 440 2.8| 235 | .33, .48, .67, 1.05
L 1.47
| sl 2l a0 1.0] s00 | 1.83
68 1.20 2.0 250 .87, .45
ms| a1| 20 rof 370 | 1.12, .54
HIR?;?WA 16 x 10 |3000 |50,000 2.00 190 | .24, .12
1.22 { 1.20 | .378{ .31 380 1.0f 420 } 2.55, 1.32 -
2.0 245 | .52, .26
1.90 1.20 L 750 .62 500 2.0 405 2.65, 1.32
.375] .31 500 2.0 325 | 1.43, .72
kSTl 12 % 12 ls000 |72 006 1.40 1.70 1.00 .60 1240 1.5 610 .56
(1M ‘ .60 | .37 900 1.5 430 .47
1,10 1.80 .21 .13 640 1.5 300 .30
1.67 {1.00 1400 1.5 760 .83
sncarpsxr| 12 % 12 (5000 [72,000[ 1.3¢ | 1.67 [1.40 | .B4] 1340 15| 710 | .83
1.00 .60 1240 1.5 610 .83
12 x 12 5000 |78,000l 1.67 | 1.40 [1.40 {1.00] 1270 1.5] 620 | 1.11

Note: numbers in ( ) are references from which
data was taken

1 in =

25.4 mm; 1000 psi =

1k

Preceding page blank

si =

6,895 MPa;

L k=in = 0.113 kN-m




TABLE 2

SUMMARY OF MODEL CCLUMN DATA

1 2 3 4 5 6 7

8
AXIAL
£ £ LOAD MOMENT FLEXURAIL
(o] b a sbh P CAPACITY | SHEAR DEFORMATION
MODEL | (psi) | (ksi) | s (kip) | (x-in} [ (kip) HISTORY
2R 5270 72 1.4 240% 1420 79 MONOTONIC
3R 5260 72 1.4 240% 1420 79 CYCLIC
4R 5000 72 1.4 240% 1418 79 MONOTONIC
5R | 5100 72 1.4 200 1340 75 CYCLIC
6R 4700 72 1.4 144 1190 66 CYCLIC
1s 4900 78 1.67| 200* 1260 70 MONOTONIC
28 5000 78 1.67 | 200% 1260 70 CYCLIC

Note: *indicates balance point axial locad

1000 psi = 1 ksi = 6.895 MPa; 1 kip = 4.45 kN; 1 k-in = 0.113 kN-m
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TABLE 3 SUMMARY OF OBSERVED BEHAVIOR

-141-

1co

MID-DEPTH A(a) A AT START(b) (
AXIAL| FLEXURAL| INCLINED] FLAKING | LONGITUDINAL| CRACK OF SHEAR Sd Hdc)
LOAD ; CRACKING|CRACKING |CRUSHING | CRACKING CONTINUTITY |DEGRADATION (%) (%)
MODEL| (kip) (kip) (kip) (kip) (kip} {in) Sd(in)
2R 240 30-45 61-75 75-90 75=20 on reversal - - 64
3R | 240 [ 32-50 64 | cs-72 60-66 1.25 2.0 a4 54
4R 240 30-45 63-70 70-80 B80-88 - - - -
5R 200 | 35-54 e6d 72-78 54-72 1.25 2.3 40 48
6R 144 20-33 53 64-568 36-61 - 2.5 25 -
1s 200 15=30 48-64 66-72 66-72 - - - 59
25 200 25-40 40-56 B2-65 44=-57 - 2.5 57 63
(@) model tip displacement, only for models failing by shear compression mode
Heirst oycie Prifen oyl
{b) only for models subjected to cyclic deformation history, sy = 2ES Hcyc € Il cycze .
first cycle
B aximun Prinal
() Hd = maximum  ifinal | 100
maximum
(d) from stirrup strain data
Note: 1 kip = 4.45 kN; 1 in = 25.4 mn
TABLE 4 SUMMARY OF TEST RESULTS
AXTAL MAXIMUM ; (c)
LOAD SHEAR H(b) NOMINAL SHEAR STRES?dY
DEFORMATION P FAILURE n (a v H/ba H/B u (e)
MODEL HISTORY (kip) TYPE (kip) F {psi) (psi¥ R
2R MONOTONIC 240 Shear- 92 1.17 766 {10.6}§ 852 (11.7) -
Compression
3R CYCLIC 240 Shear— 79 1.0 ©58 (8.8} 731 (10.0) 4.0
. (£}
Compression| (83) (1.05)
4R MONOTONIC 240 Diagonal 90 1.15 750 (l0.5}| 833 {(11.8) o
Tengion
3R CYCLIC 200 Shear= 82 1.09 683 {9.6) 745 (10.4) 4.5
Compression
SR CYCLIC 144 Diagonal 70 1.06 583 (8.5} 636 {9.3) 4.7
Tension
1s MONOTONIC 200 Bond 72 1.03 660 (9.8) 832 (11.9) 6
Failure
28 CYCLIC 200 Bond 64 0.91 o0l (8.5) 751 (10.6) -
Fajlure
(a) Does not include P-A effect
{b) vF is from column 7 in Table 2
{¢) Numbers in parenthesis are v/#fé
{d) For rectangular tied columns A_ = {b-2 + cover)(h-2 = cover)

{e)

{f)

For spiral columns

- Rmax
R R
v

1

Q

A =

kil
o = (P2

2
cover)

A larger shear was reached in the opposite direction

Note: 1 kip = 4.448 kN, 1,000 psi = 6.895 MPa

where R is the story rotation (see Section 3.6.1)



TABLE 5 SUMMARY OF FIRST CYCLE

ENERGY DISSIPATION

TABLE 6 SUMMARY OF CYCLIC BEHAVIOR

OF ENERGY DISSTPATION

MODEL

AXTIAL
LOAD
(kip)

TIiP
DISPLACEMENT
{(in)

HYSTERETIC
AREA A
{k-in)

ENERGY
LOSS
(g-in/%)

3R

240

U W b

123.
1l1l.
103.
102,
ill.

WO

11.8/10

3R

240

o

163.
142.5

o

21.0/13

2R

240

L8]

140.
112.

Qw0

28,9/20

SR

200

G W

179.
162.
159.
154.
150.

@~ N w

28.5/16

GR

144

[E LI R VY AV g

175.
166.
161.
162.
174.

N wwouo

.8/<1

AXIAL TIP HYSTERETIC | RELATIVE
LOAD DISPLACEMENT| AREA A AREA RA
MODEL | (kip) (in) (k-in) (%)
.6 14.1 10
.8 26.1 12
1.0 37.4 12
1.25 53,4 14
= 249 1.5 70.3 15
1.75 96.3 17
2.0 123.1 24
2.5 163.5 44
.6 14.1 10
.8 21.0 9
1.0 28.7 9
1.25 43.3 11
Sk 200 1.5 65.3 14
1.75 83.9 15
2.0 112.7 18
2.5 179.3 25
.6 11.6 )
.8 18.2 9
1.0 22.5 9
1.25 39.6 12
oR 144 1.5 62.2 15
1.75 82.9 18
2.0 105.5 20
2.5 175.0 27
.6 16.3 12
.8 22,9 11
1.0 29.4 11
1.25 39.8 14
25 200 1.5 53.3 14
1.75 67.0 15
2.0 85.4 12
2.5 140.5 28

28

200

[ ST Y N

140,
114.
100.
30.
90.

[« IS I )]

50.5/36

Note:

1 kip = 4.45 kN; 1 in

25.4 mm; 1 k-in =

-CPT-
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TABLE 7

CURVATURE DUCTILITIES

MODEL CYCLE (yu, |€
(in) 0] core
st
3R 2.0 1th .017
5 4 .012
st
5R 2.5 lth 11 .043
5 12 061
st
6R 2.5 lth i .018
5 27 .105
st
23 2.5 lth 11 .021
5 12 .031
Note: in = 25,4 mm
TABLE 8
STEEL YIELD DATA
MODEL FIRST YIELD TYPE
3R A=1.0 compressive
first cycle
4R A=1.0 compressive
5R A=1.0 tengile
first cycle
6R A=1.0 compressive
fifth cycle
18 A=1.0 tensile
28 A=1.25 compressive
first cycle







-145-

FIGURES

Preceding page blank






-147-

i i 1
___%[U’mm, %M | 2 e
A
- %Hmmmé, 2 e
S

{b)
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Mo = BENDING MOMENT AT P:0
$, = CURVATURE AT FAILURE
¢y = CURVATURE AT FIRST YIELD

M
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FIG. 3.24 LONGITUDINAL CRACKS ALLONG REINFORCEMENT
ON EITHER SIDE OF MID-DEPTH IN MODEL 2S

FIG. 3.26 BOND FAILURE IN MODEL 2S
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FIG. 3,50 SHEAR FORCE-TIP
DISPLACEMENT HYSTERETIC LOOPS
AT 2.0 INCHES FOR MODEL 3R
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25 .4 MM)
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APPENDIX A. MATERIAL PROPERTIES

A.1 Concrete

A.1l.1 Concrete Mix

The concrete mix was designed and prepared in the University of
California Concrete Laboratory. Typical concrete mix properties are

shown in Table Al.

A.1.2 Concrete Control Tests

Four types of control tests were performed on concrete specimens:

a) Stress-strain measurements on 6 in. X 12 in.° cylinders.
Typical stress-strain results are shown in Fig. Al.

b) Compressive strength tests on 6 in. X 12 in. cylinders.

c) Tensile splitting tests on 6 in. X 12 in. cylinders.

d) Beam rupture tests on 5 in. X 6 in. X 20 in. prisms.

Control test results are summarized in Table A2.

A.2 Steel

The following reinforcement was used in the test models.
a) Grade 60 No. 4b and No. 5 deformed bars were used as the
column longitudinal reinforcement,

b) Grade 40 No. 4 and No. 5 deformed bars were used as the beam

a. One inch is equal to 25.4 mm
b. The bar size number, N, refers to a bar with a nominal diameter equal

to N/8 of an inch{N-{(3.1)}mm].



longitudinal reinforcement.

c) Grade 40 No. 2 deformed bars were used as the transverse rein-
forcement in the rectangular tied columns.

d) Grade 40 No. é plain bar was used as the transverse reinforce~
ment in the spiral columns.

e) Grade 40 No. 2 plain bars were used as the beam transverse
reinforcement.

Typical stress-strain relationships for the materials used are

summarized in Fig. A2-A4.



TABLE Al

CONCRETE MIX PROPERTIES

SSD Aggregates
MATERIAL Parts by | Weight for 1 yd3
Weight batch (1b)
Cement Type II Santa Cruz 1.00 679
Water 0.477 324
Coarse Sand; Olympiag #0 2.55 FM 2.03 1378
Fine Gravel; Fair Oaks 1/2" X 1/4" 2.47 1675
L ' 3 3
Note: 1 in = 2.54 mm; 1 yvd = .765 m ; 1 1b = 4.45N
TABLE A2

RESULTS OF CONCRETE CONTROL TESTS

Compressive Tensile Splitting |[Medulus of
MODEL Strength Strength Rupture
i f i
C st rt
(psi) (psi) {psi)
2R 5270 ' 550 : 520
3R 5260 480 550
4R 5280 530 520
5R 5100 476 615
6R 4700 - -

1s 5050 500 400
25 5200 470 620

Note: 1000 psi = 1 ksi = 6.895 MPa
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APPENDIX B. DESIGN OF PROTOTYPE STRUCTURE AND TEST MODEL

A floor plan and elevation of the prototype structure are given in
Fig. 2.4. The structure is 120 feet high* (10 stories at 12 feet) and
120 feet by 120 feet in plan. The structural system consists of two
spandrel-wall frames and four typical gravity load frames in each prin-
cipal direction. The spandrel frames are assumed to resist all lateral
locads. The assumed cross-sectional dimensions of the spandrel beams and
columns and the interior frame beam and columns are indicated in Fig. Bl

and B2. The floor slab is assumed to be 4 1/2 in. deep.

B.2 Determination of Loading

a. Gravity Loads

The gravity load is computed usihg the member sizes indicated above.

Slab (t = 4.5 in,) 56 psf
Ceiling (assumed) 10 psf
Partitions 20 psf
Beams 2 ln’;2° I . 150 1b/E° - §%E’ 35 psf
144 in’/ft
o s
Girders =2.in 220 1D . 150 1p/£t° - 55;; 20 psf
144 in" /ft
Columns Z4ERZZA I8 . 450 pprpe’ « 22 15 por
144 in/ft

153 psf

Assume DL = 150 psf

*Necessary conversions to ST units are given in Section B.S



b. Live Load.

LL = 50 psf (office building)

Maximum reduction in live load for lower story column (UBC 23086)

]
n

' DL
23.1 (1 + EE—)

92.4% > 60%

oo
]

150 psf
23.1 (1 + —EEE;EE)
60,0

-1-6-(—)—).= 20 psf

LL = 50 (1 -

c. Design Loads

DL

150 psf

LL

i

20 pst

d. Dynamic (Earthquake) Loading

The earthguake loads are determined on the basis of UBC-2314. It
is assumed that the earthquake shear forces are distributed equally to
the columns of the spandrel frame*. As a result, the following calcula-

tions are made for only ohe column.

Z =1
0.05 h
T - no_ 0.05X120 _ oo
vD 120
o= 0.05_0.05 _
¥y ¥o.55

* This assumption is made for its simplicity and is not accurate.
Interior columns of a frame will typically resist a larger force than an
exterior column. ’



=
il

(.150 ksf » 24 ft » 60 ft)x 10 = 2170 kips/column

V =D8KCW=1x1x 0.061 x 2170 kip
Vv = 132 kip (total base shear for one column)
h

n 120ft
—_— = me—————— < . =

D 120ft 1 3 . Ft ©

o

wxhx
FX = Zwihi * v where w, o= 217 k/floor

Since the first story conditions are used in the design of the test

model, only the total base shear is required.

B.3 Design of Members

Assumptions:
B.3.1 Loading

The loads to be considered in the design will be the loads that are
going to be applied on the test model. Therefore:

a) Distributed leads on the beams will not be considered in the
design of the spandrel beams.

b) The moments in the direction perpendicular to the plane of the

frame will not bhe considered in the design of the column.

B.3.2 Method of Design

The ultimate strength theory was employed in the design of sections.
The assumptions and constants will be the same as required by UBC (1973).

The nominal concrete compression strength of 5,000 psi was assumed for



both beams and columns. The respective steel yield strengths employed

in beam and column design were 52,000% psi and 60,000 psi.

B.3.3 Column Design

h =6 ft. Assume Section: 24 in. X 24 in.

Axial T.cad:

D. L. = 10 % 0.15 ksf x 12 £t x 24 £t = 432 kip

Reduced L. L. = 10 x .020 ksf X 12 ft. %X 24 £t. = 58 kip

Factored Load:

Pu = 0.75{1.4D.L. +1.7 L.L.} = 0,75 [1.4(432 kip)+ 1.7(58 kip)]
= 528 kip

V = 132 kip

M =V X %'= 132 kip % 6 ft . 396 K-ft

‘Mu = 0.75 X 1.7 X 1.1 X 396 K-ft = 556 K-ft = 6670 K-in

Therefore design for:

P

u 528 kip

il

M
u

6670 K-in.

Use ACT Ultimate Strength Design Handbook#*#

Assume
Y = 0.8
§ =1.0

* The yield strength of the beam reinforcement is based on stress-strain
tests of the steel used in the test beams. (Appendix A)
**ACI Publication SP-17(73) Volume 1



— = . 0.524
h 24 in.
P
u 528 kip _ R
A " 74 in. %24 in, - 0-92 ksi
g
For a tied column:
AS
gf—= 0.012 for vy = 0.9
g
= 0,014 for Yy = 0.75
AS = 0,0135X%X 24 in. X 24 in, = 7.8 :i_n.2 for vy = 0.80

.2 .
Use 10 #8 - 7.9 in.” (Fig. 1l.4a shows half scale test section)

Y = 0.79 for #8 bars Ckay.

For a spiral column:

A
X§'= 0.015 for y = 0.9
g
= 0,018 for vy = 0.75
. . .2 '
AS = 0,017 X 24 in., ¥ 24 in. = 9.7 in. for vy = .80

Use 8 #10 = 10.1 in.2 (Fig. 1.4b shows half scale test section)

Y = 0.78 for #10 bars okay

The arrangement of the steel in the spirally reinforced column was

selected to alleviate congestion of reinforcement in the beam-column joint.



B.4 Design of the Column Transverse Reinforcement and Beam Reinforcement

The maximum axial load which was to be applied to the test columns
was the balance point axial load which is defined as the point on the
axial force-bending moment interaction relationship at which simultan-
eous vielding and concrete failure occur. The balance point, and the
axial force-bending moment (P-M) interaction relationship are determined
with the aid of a computer program.K The basic assumptions employed in
the program are listed below.

a. A linear strain distribution is assumed.

b. Concrete has zero tensile strength.

¢. The concrete stress-strain relationship is defined by the

expression (Fig. 2.15a}):

e £, 2
£ o= £l E <€
c £ € c— 0
o lo!
i (ec - 80)
fc = f'tl - 0.5 © _— € >
L 50u o) c ©
where
fé = maximum concrete strength
€ = goncrete strain at £
O c
3+ .002 £
e = =2
>0u £1 - 1000

For confined concrete the descending branch is defined by the expression:

fc = fé [1 - z(eC - eo)]



where
0.5
2% +e__-¢
50 50u o
h
E _ i " _}?_‘lt
50h - 4P h
A"
n — " 1n - S
P - 2(b + a ) b"d“S
s = stirrup spacing
b" = width of one stirrup, outside to outside
d" = depth of one stirrup, outside to outside
A" = area of transverse reinforcement

s

For a spiral column, p" was taken as:

where
s = spiral pitch
dc = core diameter

d. The steel stress strain relationship is indicated in Fig. 2.15b,
E is assﬁmed equal to 29,000,000 psi, and Oy is the value found
from stress-strain tests of the steel used in the model columns
(Appendix A}.

e. A point on the P-M interaction relationship is determined by a
compressive failure of the outer concrete fibers. The failure

strain is taken as 0.003 in/in (€ ).
max
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The program uses the following procedure (Fig. B3}
a. The axial locad, P and Emax are defined.
b. The neutral axis is determined by iteration. A basic cycle is:
i. kd is assumed
ii. determined CS,C, and T from 0-g£ relationships
iii. check equilibrium CS-+C and T - P = ERRCR
iv. if ERROR is less than a preset convergence tolerance kd is
taken as the current value. If not, kd is adjusted (a bisec-
tion algorithm is used), and the loop is started again at i
¢. Once kd is determined, the moment is found by summing moments
about the plastic centroid (Fig. B3). For a symmetric section,

the plastic centroid is at mid-depth,
M=T7d + Cd +c_ada'
s c s c

The above procedure defines one point of the P-M interaction rela-
tionship. The axial load is incremented and additional points are deter-
mined. The balance point is taken as the point on the interaction rela-
tionship with the largest moment capacity. It .should be noted that if
there was only one layer of tension steel the balance point could be
determined directly by setting the outer concrete strain to the failure
strain and the steel strain to the yield value. The neutral axis is

estabklished by these two strains, and P_ and MB could be found from

B
statics.
The design of the column transverse reinforcement is based on the UBC

1973 requirements for a ductile moment resisting frame.

Design shear 1s found by the expression:



where

balance point moment

o

shear span (assumed equal to 18 in. in the test column)

Q
i

i. Rectangular tied column

Design shear Vd

_ 1380 K-in. _ .
Vd = 18 in. 77 kip

Allowable concrete shear stress, vc

v = 2{1 + 0.5 B)Vf' = 260 psi
c A c
g9
Since
P . .
el 1,660 psi > .12 fé = 600 psi
g

the concrete may be considered effective in shear.

The shear force resisted by concrete, Vc’is then

core area = 110 in.

bl
Il

<
Il

28.5 kip

The transverse reinforcement must resist the remaining shear.

V_ - V_ =77 kip - 28.5 kip = 48.5 kip
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Avf dc
vye._ V -V
d s u c
fy = 40,000 psi (specified design value)
Assume 2 $2 ties A, = 0.2 in.2, ¢ = 0.85

Afd

s = vy ©
PV, V)

By substituting the appropriate values, s is found to be 2.04 in.
A spacing of 2 in. is selected.

Check minimum reguirements.

fé Ag
> " —
Bgp 20-3 sypb, 7\ 3 1
vh core
. . 2
= 0.3 (2 in.) (7.5 in.) Zgggopsi' 144 1n.2 1
PSL 110 in.
.2 .2
= 0,17 in.” < 0.2 in.” Okay {UBC 26-5)
£!
c . . 5000 psi
> = = 25 PSS
Ash > 0.12 shhc 7 0.12 (2 in.) (7.5 in.) 20000 psi
vh
B . 2 . 2
= 0,11 in.” < 0.2 in.” Okay (UBC 26-6)

To use 2 #2 rectangular ties at 2 in.

ii. Spiral Reinforcement

Design Shear

_ B 1260 R-in. _ .
Yo T 2 ® T1igin, ~ 70 kip

Allowable concrete shear stresg
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<
]

2{1 + 0.5 fl] YE' = 2[1 + 0.5 (1.390)170.7
g

2 {1 + .69) 70.7 = 239 psi

. .2 ,
vV = VcAc = 239 psi (86.3 in." ) = 20.6 kip
V.- Vc = 70 kip - 20.6 kip = 49.4 kip

. - Avfx(dd) _ o,y 140 ksi) (10.5 in.)
¢(vu_vc) 0.85(49.5 kip)

s = 1.0 in.

UBC 2626 {£)5 defines Av as the "total cross-sectional area of special
transverse reinforcement in tension within a distance s, except that two-
thirds of such area shall be used in the case of circular spirals.” Con-

sequently,

s = %-1.0 in. = .66 in.

However, UBC.2607 (m)2 stipulates that "the clear spacing between
spirals shall not exceed 3 in. or be less than 1 in." Since the model
column was a half scale medel of the prototype structure, the lower limit
of 1 in. becomes 1/2 in. in the test model. For a 1/4 inch-diameter
spiral, this requirement results in a pitch of 0.75 inch instead of the
above value computed from shear requirements. Since the difference be-

tween the two values is small, the shear strength should be adequate.
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iii. Beam Design

The design of the model beams is based on the desire to limit in-
elastic deformation to the columns, i.e., a weak column-strong beam
design philosophy is followed. The design shear forces and moments are
based on the column balance point moment. The beam design moment may be
expressed in terms of the column moment by the. expression (Fig. B4):

Maky,

M =

2a
where
a = column shear span
Qb = beam shear span

Since the beams in both the S and R series models were to be the
same, the tied column moment capacity is used in the beam design. The
beam cross section of 5 in. by 36 in. was established by architectural
considerations. A symmetric reinforcement arrangement is assumed.

1380 K-in. X &6 in.
18 in. x 2

M= = 2520 K-in.

For an under-reinforced section:

=
[

Asfyjd
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Assume jd = 7/8 4 = 30 in.

Hh
I

52 ksi

2520 K-in. _ 2
AL = 53 ksi - 30 in. ~ 1+02 in.

Use two layers with 3 #5 in top layer and 2 #4 and 1 #5 in bottom
layer. AS for this arrangement is 1.64 in.2

Additional longitudinal reinforcement was provided in accordance with
UBC 2610 ¢ which states, "If the depth of the web exceeds 3 feet,; longi-
tudinal reinforcement having a total area at least equal to lOvpercent
of the main tension steel area shall be placed near the faces of the web
and distributed in the zone of flexural tension with a spacing not more
than 12 in. or a width of the web, whichever is less."

Since the depth of the prototype was 6 feet, this reinforcement was
regquired and 2 #2 bars spaced at 5 in. were placed through the depth of
the beam {Fig. 2.9a). In addition, diagonal reinforcement was included
to provide added safety against a shear failure in the beams, in parti-
cular, a sliding shear failure at the beamcolumn joint (Fig. 2.%a).

The computed moment capacity of a cross section which included all
the reinforcement indicated above at first yield of the reinforcement
was 3325 k-in. Thus the subassemblage beams have been overdesigned with
respect to the estimated column capacities by a factor of 1.3. This

should ensure that inelastic behavior will be limited to the columns.



iv. Design of Shear Reinforcement

Design shear is based on the computed value of My

3326 K-in, _ :
Vp = 6 in. - -0 kip

The allowable concrete shear stress is:

v_ = 2/f' = 140 psi
c c
and the concrete contribution is

[o

To determine shear reinforcement, the expression:

Avf dc
_L_::V—v

s u C

is used. #2 stirrups are assumed with As = 0.1 in.

132

_ 0.1 in.”(40 kei) (33 in.) _

50 kip - 23.8 kip

Use #2 stirrups at 4 in.

B.5 SI Unit Conversions

1 ft. .3048 n

25.4 mm

[

1 in.

1 in.2= 645.2 mm2

1 1b/£t° = 16.03 ch/m3

1 k/ft2 = 1000 lb/ft2 = 47.9 kN/m2

T 26.2 7

5 in.

Vo= vcbd = (140 psi) (5 in.) (34 in.) = 23.8 kip

2

3326 K-in.
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1 ksi = 1000 psi = 6.895 MPa

1 K-ft = 1.356 kN-m

I

1 K-in 0.113 kN-*m
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APPENDIX C. ELEMENT PROPERTIES

The properties of the various finite elements used in this investi-
gation are presented in the following sections. All element properties

are based on the undeformed configuration.

C.1 Q-4 ELEMENT

The basic element used to represent concrete is a 4-node isopara-
metric quadrilateral (Fig. C.1l}). PFor a general gquadrilateral element,

the local and global coordinate systems are related by:

4
y= ) hy C.la
i=1
4 .
z= ) h.z C.1b
, i%i
i=1 .
where the interpolation functions are given by:

h == (1-8)(1 -t C.2a
1 4 - :
h,o=3(1+s0-1 c.?pb
24 o
h,o=2 (1 +s)(l+ t) C.2c
3 4 :

h =%(l—s)(1+t) c.2d



In order to ensure rigid body displacement modes, the same interpolation

functions are used in the displacement approximation.

It

} hydu . C.3a

du_(s,t)
y ! vi

du,(s,t) = ] hdu_. ' C.3b

where du and dui indicate increments in the element displacement field
and element nodal displacements, respectively.
For two dimensional analyses the incremental strain-displacement

relationships are given by:

3du
de. = ——= = Y h, du. C.4a
Yy dy i,y yi
aduz
& = = ] h, du_, C.4b
ZZ 9z i,z zi
9du Bduz
de = =L 4 « Th, du . +Th, du . C.4c
vz 9z oy i,z yvi LUi,y zi
or, in matrix form,
H,y 0
du
dg = B(s,t) du =| 0 H,z Y C.5
H,z H,y dE-z

where



H = h
_Iy [ l'y
Ejz = lh1'Z
duyl
du
du = y2
4
duy3
Lduy4

du

duz3

du

L z4

C.6a

C.6c

Since the functions, hi' are in terms of s and t, the chain rule is ap-

plied in order to compute the derivatives with respect to the global,

y-z coordinate system.

i,y i,s

h, = h,
i,z i,s

s,y + hi t,y

,t

s,z + h, t,z
1,t

In general, the chain rule can be written as:

]
§§ Y8
9
§E v,t

or inverted as:

B

9
Z,8 3y
3
z,t §E
3.
t,y s
3
t,z 5{

C.7a

C.7b



c-4

Therefore the derivatives required in Equation C.7 are given by:

z,t -z,s

= L C.10
J
5,2 t,z -y,.t V.S
(3
where the Jacobian, J, is:
Jd=y,s-z,t - y,t-z,s Cc.11
and
yis =] hy v, ‘ C.12a
;r;t =} hy Y, | ;.121:
Z,8 = Z h, z C.l2c
i,s 1
t = h, .
Z L i,£%1 c.l2d

For given numerical values of s and t the derivatives of the interpolat~-
ing functions can be evaluated. _Then all derivatives required for the
evaluation of the strain displacement relationship can be determined
from Equations C.10 and C.12.

For a constant element thickness, the element tangent stiffness

matrix is given by:

= ¢f8"p_ Ban c.13

K
r Dq

JArea

where ET is the current constitutive matrix, and the integration is

carried out over the area of the element.
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For the purpose of numerical integration, Egquation C.13 is written

in the local s-t coordinate system as:

1

1
t B DB J ds dt c.14
= = - -
s

-1

The direct application of one-dimensional numerical integration formu-

las yield:

ZZWWJB(S IR (55 BB (s, ) c.15
ik

in which sj and tk are integration points and Wj and Wk are the appro-

priate weight functions. Four point Gaussian quadrature is used in this

investigation.
sj = * 0,57735
j=1,2
tk = + (0.57735 c.l6
k=1,2

The increment in element stresses is given by:

do(s,t) = QT(s,t)dgjs,t) c.17
Substituting Equation C.5 into C.17 yields:

dg(s,t) = QT(s,t)Ejs,t)dE 7 c.18

The stress increment is evaluated at the numerical integration points

used in evaluation of the element stiffness matrix.



c.2 CONSTANT STRAIN TRIANGLE

Constant strain triangles are employed toinclude inclined cracks in
analysis (Fig. C.2a). The incremental element displacements are given

by BEquation C.3. The interpolation functions are:

H = = +b . y+o, i = .19
i >A (al bly clz) i 1 C
where
Loy oz
20 = det|l vy, z,1 = 2*area of triangle C.20
1oy 2

= - .21

ai yjzm ymzj Cc a

b, =z, ~-= C.21b
i N m

ST A yj C.21lc

where i = 1,2,3 and j and m are the remaining terms in the cycli¢ permu-
tation of the sequence 1,2,3. Por example, if 1 =2, 1 =3, m =1,
Using these interpolation functions, the incremental strain dis-

placement transformation matrix, B, is given by:

b, 0 b, 0 by 0
= 1 ,
B =20 e 0 o 0 o c.22
Lcl by e, by ©y3 by

the



It is seen that B is dependent only on the nodal coordinates, which
are assumed constant. Therefore B is a constant.

The element tangent stiffness matrix is given by Equation C.13.
Since g_is constant and ET is assumed constant within the element*, the

tangent stiffness is given by:

= ETD BtA C.23

Ky B

C.3 BAR ELEMENT

A two-dimensional bar element is used to model the steel rein-
forcement. A typical element connected hetween nodes i,j is shown in
Fig. C.2b. The axial displacement increment in the s-direction is

assumed to vary linearly along the length of element.

du = du. + 5 (du_. - du_.) ¢.24

s si L s si
where
s = 0Dati C.25§
I, = 1, 2 + L 2 C.25b
¥ Z

L = .- v C.25¢
% Yj Yy

L = z, - =z, c.254
z 3 i

Therefore, the increment in axial strain is:

* The element is a constant strain (stress) element.



- s . X -
dgs = = T (duSj dusi) C.26

The axial displacement increment, dus, is given in terms of the global
displacement increments by:

L L,
du = ~Ldu +-=2au c.27
s Ly L =z

Substituting Equation C.27 into Equation C.26 yields the following in-

cremental strain-displacement transformation matrix, B:

B = &= [-L -L L L] c.28
= L2 Yy "z 'y =z

If the cross sectional area and the tangent stress-strain modulus,

ET' are assumed constant over the element length, the element tangent

stiffness is given by:

AE

T T
L3

BB C.29

K,

-

where A is the element area.

C.4 LINKAGE ELEMENTS

In order to include bond between steel and concrete elements and
also to include the shear forces developed across a crack by aggregate
interlock and dowel action of the reinforcement, various linkage elements
with appropriate tangent link stiffness have been formulated. The basic

component of these elements is a dimensienless link (spring) with a tan-



gent stiffness, KT. The bond element consists of two links, one paral-
lel to the axis of the reinforcement bar, the other perpendicular to it.
Aggregate interlock is modeled by a link parallel to a crack and dowel
action is modeled by two links, one perpendicular to any transverse re-
inforcement crossing the crack, the other perpendicular to any longitu-
dinal reinforcement crossing the crack. To simplify the data transfer
within the computer program, the aggregate interlock and dowel links are
grouped as a single linkage element. Since the indiwvidual compénent links
have the same global degrees of freedom, the addition of the component
stiffness can be completed in the element formation.

The stiffness matrix of a typical link is derived below. 1In the
computer code, the formation of the element stiffness matrix is explicit,
i.e., the indicated matrix multiplications have been completed algebra-
ically, and the resulting expressions are used in the stiffness forma?
tion.

The local incremental force developed by the link is:

Kdo, = K, | C.30

where dEL is the local incremental displacement associated with a given
link (Fig. C.3c).
In order to express the link tangent stiffness in global coordi-

nates, the following transformations are used:



c-10

dul
cos 8 0 sin 6 0 Y
du2
du, = . ¥ c.31a
—L dul
0 cos © 0 sin B z
du
22
= B du C.31b

where 0 is the angle which defines the orientation of the link with
respect to the global coordinates (Fig. C.3c), and du is the global dis-

placement increment at the element nodes; and
T
ar = g_dEL C.32

where dF is the global link force increment.
Substituting Eguations C.31 and C.32 into Equation C.30 regults in

the following expression:

dF = BKB du C.33

The global tangent stiffness matrix for a given link is then:

global _ _T
Ep =BK3B C.34
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APPENDIX D. MATERIAL LAW

D.1 INTRODUCTION

Tt is important to include the essential characteristics of the
actual material behavior if an accurate analytical model is to result.
In the case of concrete, the highly nonlinear compressive behavior (Fig.
D.1), the brittle behavior in tension, and the effects of biaxial stres-
ses on the stress-strain behavior (Fig. D.2) and on the material strength
(Fig. D.3) are considered important characteristics and attempts are
made to include them in the proposed model, The constitutive relation-
ship and the analytical representation of the biaxial stress-strain be-
havior used in this investigation are from previous work by Darwin

and Pecknold (22).

D.2 ORTHCTROPIC CONSTITUTIVE LAW

The experimental biaxial stress-strain behavior of plain concrete
led Darwin and Pecknold to consider an orthotropic material law. Con-
crete is assumed to be an incrementally linear orthotropic material. The

general constitutive eguation in material coordinates is:



where El' E2, G,\i, and v

- ol \
E,  V,E 0 de,
b= 1 v,E E 0 <de, D.1
1-v v 172 2 2 ’
172
0 0 G(l-vlvz)J _le2J

, are stress dependent material properties and

the material axes coincide with the current principal stress axes.

Darwin and Pecknold made the following modifications to simplify

the constitutive equation and to insure that no particular direction is

favored with respect to the Poisson ratios, Vv

] and vz, and the shear

modulus, G.

b.

From energy considerations it may be shown that

V1E2 = V2El D.2

Defining an eguivalent Poisson's ratio by the expression:

and substituting Equations D.2 and D.3 into Equation D.1, the

following constitutive relationship results.

r 3 ~ a9 r 3

day E, v/ElEz 0 ael
l _ 1

dcz Y = E, o} { d€2 y D.4

1-v
2
dr12J SYM (1-v7)G dylzJ
. beoer - \

A second modification involves G, the shear modulus. By re-



quiring G', the shear modulus resulting from an arbitrary co-

ordinate transformation defined by an angle, €, to be indepen-

dent of 6, it may be established that:
2 _ 2, ., _ 1
(1-v7)G = (1-v7)G' = 4(E1+E2 Zv/ElEzl

and Egquation D.4 beccmes:

'd ~ — -
dcl E v/ElEz 0
1
{ag. bV = E 0
2 1—v2 2
1
d'flzJ SYM 4(E1+E2—2\)1/E1E2)

.D.5
[ b
del
D.'
1 d€2 » D.6
4y,
. .

With the above modifications, the constitutive relationship is de-

fined completely by three guantities, Eqr By and v. The constitutive re-

lationship for a coordinate system rotated by an angle, 8, with respect

to the material coordinates is:

L]
o1
1 ddé Yy
¥
dT12
. /
N 2 2 1 1(
. , P ,
Elcos 6 E251n G vVEl.z 2(E1 E2)51n6 cosf dEi
1 . 2 2, 1, . | .
= = E sin 6+E2cos 0 (B E2)51n9 cosh 4d€2
1=V
1
sYM g o4m - '
4(El E2 2v/§lE2) dylz

D.7




D.3 EQUIVALENT UNIAXTAL STRAIN

Darwin and Pecknold developed the concept of "equivalent uniaxial
strain" in order to predict analvtically the biaxial stress-strain be-
havior of plain concrete from uniaxial stress-—-strain curves. For a bi-
axial state of stress, the strain in one direction is a function not
only of stress in that direction but also of the stress in the orthogon-
al direction. The concept of equivalent uniaxial strain provides a
method to separate the Poisson strain effect from the cumulative strain.

The equivalent uniaxial strain in the ith principal direction,

€. , is defined by the expression:

iu
4ao,
N
€, = fde, = - D.8
iu iu B,
i
where
deiu = the differential change in the equivalent uniaxial strain in
the ith direction.
. . . . .th . .
dGi = the differential change in stress in the i~ direction
. , .th . .
B = tangent modulus of elasticity in the i direction

For an incremental analysis, Equation D.8 becomes:

iu

where



N = number of load increments

Acz = the stress increment in the ith direction in the jth
load increment

Ez = the tangent modulus in the ith direction in the jth
increment

The equivalent uniaxial strains,E‘lu and € are associated with the

2u’
principal stress axes.

In the material model, the material axes coincide with the direction
of the current principal stresses. In the incremental solution process
the material axes rotate as the principal stresses rotate. By allowing
the material axes to rotate with the principal stresses, the tangent
stiffnesses, El and Ez, always represent the moduli corresponding to the
extreme values of stress.

To insure that the stress and equivalent uniaxial strain history
developed at one orientation continues to control the material behavior
in essentially the same orientation, the rotation of the material axes
is limited. If the principal stress axes rotate by more than 45 degrees

from their original orientation, the material axes are reoriented as il-

lustrated in Fig. D.4.

D.4 EQUIVALENT UNIAXIAL STRESS~-STRAIN CURVES

The concept of equivalent uniaxial strain is used in conjunction
with a family of eguivalent uniaxial compressive stresg-strain relation-

ships to medel the biaxial compressive behavior of plain concrete. In



tension, concrete is assumed to be a linear-elastic brittle material.
The family of compressive loading curves, which are dependent on
the existing bilaxial stress state, is based on an eguation suggested by

Saenz (26) and is illustrated in Fig. D.5.

£,
iu o
o, = - .
1 Eo €iu iul? P10
L+ )=~ 2]z + |
B £, £,
ic ic
where
EO = tangent modulus at zero stress
ES = secant modulus at the point of maximum compressive stress, Gic
= g, /¢&.
1c/ ic
€l = the equivalent uniaxial strain at Gic

Equation D,10 is completely defined by the quantities EO, e and

Eic' The value of EO can be derived from standard relationships such as
the UBC relationship {2608(c)], or it can be based on experimental stress—
strain data. The values of cic and Eic are dependent on the existing bi-

axial stress condition. How 0. and €. depend on the existing state of

stress is presented below.

a. Determination of Uic' Recent experimental investigations into the
biaxial behavicor of plain concrete (27, 28, 22) have indicated
that an increase in compressive strength occurs in the presence

of even a small secondary compressive stress. This is considered



an essential feature of the biaxial behavior of concrete and
is included in the material model by the quantity, cic' The
maximum strength envelope suggested by Kupfer and Gerstle (34)
and modified slightly by Darwin and Pecknold is used fo deter-
mine the value of Oic corresponding to a particular biaxial
stregss state (Fig. D.3).
The maximum compressive strength of concrete, OZC’ for a
givén biaxial stress ratio, ©
a1
%2

8] = D.ll

where Ul > 02*,is determined as a function of the uniaxial com-

pressive strength, fé, by the expression:
+ .
o = l——ﬁgf' D.12

2c 1+ aZ C

where £ is a constant dependent on o:

if a >0 then B = 3.64 (biaxial compression)
if 0z >y then 8 = 3.28 (tension~compression)
for a. > v ag = a constant = 0.65 £’

2¢ c

The limiting wvalue of o for a tension—éompression stress state,
Y, is needed because of the assumption that the strength envel-

ope has a constant tensile strength until:

algebraic sign convention is in effect and compressive stresses are
negative



lo > |0.65 fé[ D.13

Zcf

This corresponds to a value of v of -0.17.

Determination of eic' To complete the definition of the

equivalént uniaxial stress-strain relationship, the value

of Eic' the equivalent uniaxial strain at the peak compres-
sive stress must be defined. Experimental investigations of
the biaxial behavior of plain concrete (27, 28f have ind-
cated that for compressive strengths greater than fé, an
increase in the strain at the maximum stress occurs. Darwin

and Pecknold proposed the following equation to guantify this

phenomenon:
Gic
Eic = Ecu—fT— * R - (R-1) D.14
C
where
Ecu = gtrain at the peak stress for the uniaxial
stress-strain relationship
£, =1
1"c(oz ) .,
Ecu
R = D.15
g, {(o=1)
ic
e "1
c

where



aic(a=l) = the equivalent uniaxial strain at the maximum
compressive stress, Gic' for equal biaxial

compression

In this study, R in Equation.D.13 is set equal to 3. For
cases when the magnitude of Oic is less than the magnitude of
fé however, Darwin and Pecknold found that better results for

Eic were obtained with the expression:

3 2
g, . o,
1C 1.C 1lC
]

£. = £ -l.6l= + 2.25 + 0.35] — D.16
ic cu £ £
c c c

A restriction is placed on Eic to insure that the ratio

EO/ES in Equation D.10 is always greater than or egual to 2.
This prevents the shape of the 0-g£ curve from becoming concave
upward.

¢. Summary. With Eo, Oic and Eic defined, the eguivalent uni-
axial stress~strain relationship can be determined in each
material direction from the existing stress condition. The
tangent moduli in each direction can then be obtained and

used in the incremental orthotropic constitutive law.
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