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Preface

The material contained in these three volumes constitutes the proceedings of a workshop
on Earthquake-Resistant Reinforced Concrete Building Construction (ERCBC) sponsored by
the National Science Foundation, and held at the University of California, Berkeley, July 11-15,
1977. The main purposes of the workshop were to provide a means for the exchange of infor-
mation related to the state-of-the-art and state-of-the-practice in the design and construction of
seismic-resistant reinforced concrete buildings, 1o evaluate current progress, and to establish
research needs and priorities for future work.

The specific objectives and organization of the workshop are summarized in the Introduc-
tion to the first volume. The final recommendalions of the workshop form the main body of
that volume. Four appendixes follow, containing the program, the list of participants, the list
of working groups, and, lastly, a research directory.

Volumes 2 and 3 comprise the technical reports and papers that were presented. These
furnished the background material for the discussions which ultimately resulted in the final
recommendations of the workshop.

It is hoped that these proceedings will help mitigate the destructive effects of earthquakes
by encouraging practitioners to implement those recent findings from the research and profes-
sional communities that will improve current practice in ERCBC, and by providing researchers
and agencies sponsoring research with guidelines for ensuring that future research is oriented
toward solving current problems. It is also hoped that the proceedings will serve to stimulate
communmnication and improve cooperation between practitioners, educators, researchers, and
representatives from industry and government agencies working in the field of ERCBC.

[t is not possible here io thank all the individuals who contributed to the success of the
workshop, but a few should be mentioned. The assistance of Dr. John B. Scalzi, Manager of
the Earthquake Engineering Program of the National Science Foundation, during the planning
of the workshop, and his continuous support and encouragement are gratefully acknowledged.
The able assistance of Dr. Stephen A. Mahin, whe acted as organizing secretary, throughout all
phases of the workshop is greatly appreciated. In addition, thanks must be extended to the
members of the steering committee: W. Gates, N, Hawkins, J. Scalzi, M. Sozen, and L. Wyl-
lie, Jr., for their technical assistance; to the session chairmen; the heads and recording secre-
taries of the working groups; to H. Barry and L. Reid of University Extension for coordinating
schedules, arranging accommodations, and making the workshop an enjoyable experienee for all
the participants; and to L. Tsai, not only for invaluable editorial assistance in the preparation of
these volumes, but for her continued help throughout the various phases of the workshop.
Finally, special and sincere appreciation goes to the authors of the technical reports and to all
the participants, who took time from their busy schedules to collaborate in the workshop. The
success of the workshop is the result of their individual and combined efforts.

Funding for this workshop was made possible by grant ENV76-01923 from the National
Science Foundation. Their support is gratefully acknowledged. These proceedings constitute
the final report to the sponsor. The conclusions and recommendations expressed herein do not
necessarily reflect the views of the National Science Foundation.

Vitelmo V. Bertero
Berkeley, Caljfornia
June 1978
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WORKSHOP ON EARTHQUAKE-RESISTANT REINFORCED
CONCRETE BUILDING CONSTRUCTION (ERCBC)
University of California, Berkeley, July 11-15, 1977

AN OVERVIEW OF THE STATE-QF-THE-ART IN EARTH-
QUAKE RESISTANT REINFORCED CONCRETE BUILDING
CONSTRUCTION IN THE UNITED STATES OF AMERICA

by

John A. Blume
President
URS/John A. Blume & Associates, Engineers

INTRODUCTION

Much has been accomplished in the United States, and elsewhere,
toward the improvement of procedures in design and construction leading
to the greater and more reliable resistance of reinforced concrete
buildings to severe ground shaking caused by earthquakes. However, it
would be unwise for me in this overview paper to attempt to catalog all
that has been done in the United States. There are too many efforts,
and any listing would be certain to have too many omissions. The dis-
cussion of accomplishments will therefore be held to a few major cate-
gories and be somewhat general rather than detailed treatment which will
no doubt follow in papers by others. Apologies are extended in advance
for worthy efforts not included.

It should be noted before proceeding that the state-of-the-art in
design -- not only as practiced but as generally recognized, has depended
strongly upon whether one was concerned with nuclear plants, other
"exotic" structures, or more conventional structures such as office
buildings. <Certain matters are being considered at this time for buiid-
ings of a normal-code type that have been in practice in the nuclear field
for 10 or more years. Other things are being approached or considered in
the nuclear field that are so new they haven't yet reached the university
research level, let alone the design of conventional buildings. Another
lesser known field in which the state-of-the-art has been well beyond
narmal practice or general knowledge is that related to the prediction and
measurement of response to ground motion from underground nuclear or other
explosions. The writer has been continuously and actively engaged in these
various areas since their inception as well as in research; the following
discussion will no doubt be influenced accordingly.

One should distinguish between the existence of knowledge or a state-
of-art and whether or not that knowledge or art needs to be, or should bes
appiied in all cases. It is not expected, for example, that all of the
refinements of nuclear piant design be applied to the design of all other
buildings; nevertheless, the mere existence of knowledge eventually has
some impact on all design, although there may be a long period of filtra-
tion or ingestion. Perhaps one of the main purposes of a meeting like this
is to accelerate the exchange of such information.

Following certain general considerations there will he a brief dis-
cussion of significant accomplishments, then discussion of specific areas
of accomplishment and of research needs in two broad categories -- those

Preceding page bla
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items that apply to buildings of any type or material, and those items
which apply exclusively to the design or construction of reinforced con-
crete buildings. Although treatment of the first category will be
limited in favor of the more specific one, for obvious reasons, it would
be derelict not to consider both in this overview. For example, an im-
provement in knowledge of soil-structure interaction is an accomplishment
that may improve the design of future concrete buildings as well as all
others. In order to make the presentation as coherent as possible, both
accomplishments and needs in research and development will be discussed
under each subject.

PRELIMINARY GENERAL CONSIDERATIONS

Whenever the writer attends a meeting, or reads a summary of a meet-
ing, on the subjects of the state-of-the-art and what we don't know, what
research should be done, etc., his initial reaction is astonishment at how
much we don't know, or think we don't know. His second reaction is that
in the face of such ignorance, how could we have done what we have, or are
all the products of our past efforts bad -- are they all potential earth-
quake failures? Some would reply that maybe most of the structures are
all right but they were overdesigned, or cost too much. But that isn't a
satisfactory reply because building construction today is enormously costly
on a relative basis whether cost s measured in current dollars, 1930
dollars, chicken eggs, or glass beads!

His third reaction to the array of "ignorance" tabulated at such meet-
ings is: maybe some of this is generated by the need for, or desire for,
research subjects and supporting funds. Although this may be a factor in
some cases, consciously or otherwise, it is not a dominant one. What, then,
is the dominant factor -- how could we know so Tittle and have done so much?

The answer seems to lie in the way we are doing things today as com-
pared to how they were done before. Today we are:

1. Doing things better, in general; and by "better", let us say more
reliably.

2. We are using computers, and thus need more formal documentation.
3. We are using less judgment in favor of more hard numbers.

The more we use computers, the more precise we have to be in our
criteria and instructions. We use less judgment in design today because
(a) we rely more on computers; (b) because new generations brought up on
computers may have less judgment to exercisa (the reason for this being
that judgment is not required so much and therefore is less developed);
and (c) because society through its Tegal structure and current practice
is making it risky to rely too much.upon judgment where there are other
means. This explains why we have professed ignorance today -- and have
developed long research 1ists -- in subjects which have in a great many
cases been treated before, and often in a quite competent manner.
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My maternal grandfather was a country doctor who did some marvelous
things for his patients -- things he couldn't do if alive today because:
{a) he would be sued; {b) he would need to consult a bevy of specialists;
and (c) the specialists would probably want extended, double blind, com-
puterized research studies before reaching a conclusion; and {d) then AMA
and perhaps governmental agencies would have to concur in the validity of
the research and in the application of the findings.

Many subjects considered new or pressing research material today were
treated years ago by good engineering judgment and intuition, or perhaps
by a meagerly-funded research project. For example, the matter of foun-
dation "tipping" as a possible mitigating factor under lateral forces was
considered and used extensively in design decades ago [1], and yet today this
is a viable, worthwhile subject that must be formalized [2]. Energy demands
and ductility are similar [3.4]. Today one has to follow the book whereas an
experienced engineer a few decades ago could do marvelous things even with-
out the computer. Today, we are "ignorant" only in the sense that we must
-- for various reasons -- be more rigerous even in things we may know much
about. On this basis there is no objection to doing detailed research on
our so-called "ignorance® providing, of course, that excessive duplication
of effort is avoided. It would be desirable in the process, however, to
give credit to more of the things done by earlier workers who operated,
necessarily, in a different climate.

The main design aspects for an advanced state-of-the-art have been
charted by Bertero [5] and are shown in Figure A. As complex as this may
appear, there are even more aspects that should be considered either
directly or implicitly. Some of these have to do with the many factors
that may (or may not) reconcile the great range between design coefficients
for base shears and the peak {instrumental) accelerations that may be ex-
pected. The writer has listed 22 such factors in a purposely provocative
manner [6], some of which are shown in Figure A. There will be more and more
consideration of these factors as time goes on., Detailed work has been
done in some of them. Many of them can best be approached by realistic
probabiiistic analyses rather than deterministic procedures that may be
unrealistically conservative.

A chart similar to Figure A for the construction aspects could be
made but it would be very complex because of the many various ways in
which the construction industry operates. A set of plans and specifica-
tions for a building are subject to various reviews after the design is
done., Reviews of various intensities and for various purpcses may be made
by the owner, by building officials, by environmental and other agencies,
by safety agencies, by fire departments and by financing institutions.

The output from a1l this, after any necessary revisiens of the documents,
is a building permit, financing, and other necessary permits.

Perhaps simultaneously, a general contractor is being {or has been}
obtained by various procedures including bidding, selection, and negoti-
ation. There may or may not be a construction program manager. Often,
and desirably, these people are available during the design stage. If not,
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they may have some suggestions for alternative procedures. The later
these surface in the process, the more costly changes may be.

The general contractor has various subcontractors and material
suppliers. OQObviocusly, the rebars and the concrete supplied are vital
to the success of the design; their proper placement is also vital. A
testing laboratory is involved to make both field and Taboratery tests,
to design mixes, submit reports, etc. In addition, an inspector (or
more} is needed -- a very important position. The engineer has to ap-
prove all shop drawings, quide the inspection and lab team, and in gen-
eral assure himself on a current basis that the job is going as intended
and that there are no unforeseen problems going unattended. He no doubt
has to certify that the building is constructed as shown on the contract
documents.

A1l in all the construction of a modern reinforced concrete building
is a major undertaking, one with all sorts of participants and responsi-
bilities. Research does not belong in this stage, nor even in the design
stage except to insure the proper practice of the state of the art. Re-
searchers, however, should have some knowledge of the complexities, costs
and problems in creating a modern building.

The ultimate goal of ERCBC should be to design and construct reliable
buildings which will insure that in the event of an earthquake there will
be no serious injury or loss of 1ife and that, on the average, the cost of
repair of earthquake damage will not exceed the increased design, construc-
tion, maintenance and financing costs that would have prevented the damage
[7]. This can only come about with integrated good research, good building
codes, good design and good construction.

SOME SIGNIFICANT ACCOMPLISHMENTS

Accomplishments in the field of earthquake engineering applied to re-
inforced concrete buildings, as in many other fields, are generally some-
what evolutionary and gradual. There are not dramatic discoveries such as
finding a new element or the release of a new wonder drug. Even though
the younger generations may not agree, a great deal of a basic nature about
the earthquake problem was known decades ago. It may not have been fully
demonstrated because of the sparsity of data and of research funds, nor was
it generally recognized (most simply didn't care}, but it was known. In
the Tast 10 or mere years much progress has been made in cobtaining more and
badly needed data whether from earthquakes per se, from testing, or from
analysis, especially in the inelastic range. There has also been much pro-
gress in the dissemination of data and the transfer of technology to a
greater population of engineers and building officials.

Decades ago, California structural engineers who were on their toes
earthquake-wise provided "extra" closely spaced column ties near joints
and "extra" closely spaced stirrups in beams or girders near columns, A
few even put some in the joints. They also provided bar laps in an amount
and at places that shocked eastern engineers. And they did other things
they knew, or felt, were proper for earthquake resistance. ACI standards
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in those days did not require, or even recognize, such things. How did
these California engineers know that such details were vital in earth-
quake resistance? They observed, they thought deeply, and -- above all
-- they had the "feel of structures", a sixth sense that may be natural
or developed, or both. Unfortunately, the old eastern {non-sefsmic)
practice was followed in many other countries and subsequent earthquakes
have led to damage or failure "even though designed to U.S.A. standards.”
I think this matter has been clarified and remedied once and for all and,
if it has, I consider it a great accomplishment of recent times.

Perhaps the most significant, and certainiy the most dramatic,
item in the earthouake resistance of reinforced concrete construction
is the combined concept and detailed procedures of making concrete
"ductile" and to avoid disastrous frame failures in shear or unconfined
compression during earthquakes, This was first published in a book by
Blume, Newmark and Corning [8,9]. Unfortunately, it took several years
for ductile concrete to get into earthquake codes (it was challenged by
the steel industry} during which time many frames of a non-ductile nature
were constructed. Although the book was released some 16 years ago,
valuable work is still being conducted in the great inelastic range of
ductile reinforced concrete whose properties can mean success or failure
in & great earthquake. It is noted that a few older buildings tend to
have some ductile characteristics because of accident or, more 1ikely,
because of the wisdom, or “"feel", of the designers.

Another accomplishment in the last 10 years or so has been to test
full size or large scale members, joints and assemblies in such manner
as to better understand the properties and mechanics of reinforced con-
crete in the range from yield to ultimate strength, to increase ductility
and energy absorption capacity, and to find ways of increasing the
ductility/cost ratio. A great deal of such work has heen done at UC
Berkeley [10], not to mention I1linois [11], and the Portland Cement
Association {12]. {Also see Appendix A)

Ancther accomplishment has been testing and analysis of so-called
shear walls, alone and in varicus combinations with frames or boundary mem-
bers [12]. The integration of the shear wall, or "cantilever" or "flexural"
wall in many cases, as a full-fledged structural element rather than as
a filler wall or as a "stiffener" in a building is a step forward. The
action of coupled walls is an impertant phase of this subject. There
have been a few tests of real buildings or test structures, some into the
destructive range, and these have provided valuable information [13,14].

Foundation design has improved greatly as have considerations of
soil-structure-interaction, another subject in which Seed and others at
Berkeley have done much work. ({See Appendix A)

There have been improvements in the joining of precast, prestressed,
and poststressed elements for earthquake resistance. There have also
been improvements in the placing of cast-in-ptace concrete.
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There have been improvements in the method of joining or splicing
bars and in detailing and placing reinforcing bars. Many designers have
Tearned that a bar has other dimensions than Tength, and that the corru-
gations also occupy space! The construction people will appreciate this
advance.

There have been more needed determinations of damping and stiffness
with changes in distortion and into the inelastic range.

Yes, there have been accomplishments but there is much more to be
done, as will be discussed subsequently.

SUBJECTS APPLICABLE TO ALL BUILDINGS

Ground Motion

Much more is known about ground metion characteristics, amplitudes,
statistics and probabilities than was the case 10 years ago. In general,
it has been found that peak ground accelerations (a) may be greater than
was thought several years ago; (b} they are quite variable from place to
place [13]; (c) they are not good indicators of structural response be-
cause the time dimension is not included; and (d) they have very weak
correlation with magnitude close to the source [15].

The same problems exist, possibly to a lesser degree in certain fre-
quency bands, for peak ground velocity and displacement. By themselves,
as for acceleration, they doc not constitute adequate descriptions of motion
without the time dimension in the form of pericd and often duration as
well. The relationships of ground acceleration, velocity and displacement,
are also quite variable aithough they have been idealized.

Spectral response diagrams, when properly developed to conform to
the given conditions and to allow for the probabilistic aspec’s of the
problem, are quite useful and meaningful. So-called "standard" response
spectra should be used with care and with proper attention to the stated
Timitations and conditions for such curves [18]. The zero-peried, or
"anchor" acceleration used to construct or to proportion response spectra
must be carefully selected to avoid extreme conservatism. There will be
much move discussion in the future of so-called "effective" acceleration
as compared to "instrumental” acceleration [6,17].

Work is underway on the matters of seismic moment and stress drop.
The results in a few years might well weaken magnitude as a parameter
in earthquake engineering along with peak particle ground motion,

S011-Structure Interaction

Much progress has been made by Seed and others in the matter of how
the s0il over rock affects the input motion [10). There can be no doubt
that the soil and the structure constitute the real dynamic system.* Much
more needs to be done, however, on how Targe or deep foundations affect

*Even this was studied a Tong time ago [24,25].



126

the motion. Work of this type is underway now [18] and some papers have
been published [19,20,211. Some of the Timitations of popular procedures
is that they do not, at Teast adequately, allow for incident waves at
various angles, for radiation from boundary layers assumed in analysis,
or for the mitigating effects of large, rigid structures. Morecver, more
needs to be done on the inelastic properties of soils and rock under var-
jous strain levels and cycling and on the true rigidities of foundations
(and structures) vertically relative to the soil.

Sophisticated analyses can be made today, where needed, Some of the
most elementary aspects of these are being injected inte building codes
{17,22]. It is expected that much further progress will be made in soil-
structure interaction and in structure-soil-structure interaction in the
next few years, It is also expected that although quasi-resgnant response
of the soil and structure is, of course, to be expected in some cases [23],
it will be found, in deneral, that current procedures are conservative in
(a) taking worst or envelope conditions, and (b) neglecting important
energy dispersions and work done. As more exotic methods are developed,
such matters as torsion and tilting with symmetric structures will have to
ba considered. Further work should also be done on two and three dimen-
sional aspects of the ground motion and the response and the probabilistic
aspects of dimensional and modal combinations and on the combined inelastic
structure-inelastic-soil system,

Experimental yesearch in the laboratory and especially in the field
is needed to help resclve many problems in scil-structure interaction.
The tipping tendency of tall slender structures is a viable subject [2]
that needs to be considered more formally than it was in the past.

Theory

Theory of dynamic elastic superstructures has been advanced for a
tong time. The problem is to be able to model the prototype realistically.
Real buitdings are often quite complex with various interacting materials
and elements, with various properties and participation at different dis-
tortion tevels, A 'non-structural” element may seriously affect the pro-
perties that control the response and thus be an important element until
it fafls. It is well known that the natural periods of many buildings
change with distortion, with damage, and with the history of prior re-
sponses [13]. Analyses that do not allow for probable major period vari-
ations may not be realistic. The writer has often said, and repeats
again, if one can't model the building the way it is, then the building
should be made to conform to the model. In the normal climate for build-
ing design it is difficult, if not impossible, for the engineer to conform
to the model.

More needs to be done in inelastic modeling, analysis and testing
and also in 2D and 3D analysis elastically and in the inelastic range.

Techniques for energy reconciliaticn in design have been available
a long time [3,8,26] but have not actually been proved or disproved.
Formal proof may be a long time away. In spite of this, the balance of
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kinetic energy with elastic potential energy and the work done in the in-
elastic range seems not only logical but necessary and it is intuitively
acceptable to most engineers. The reserve energy technique [3,8] is a
powerful tool for complex inelastic analysis, or for review using data
from assumed elastic response. It has not always been used by its origi-
nal name, but it or various aspects of RET have been used both directly
and implicitly in much aseismic research and design. It is still sug-
gested, as before, as a supplementary check on conventional stress or
"force" analyses. There is much more to it than a means of reducing
elastic spectra.

Observation of Building Damage

The carefyl observation and recording of building damage, and lack
of damage, is an important part of earthquake engineering which must be
continued. However, it is sometimes overlooked by engineers and usually
by others, that observation of damage is only one aspect of 30 or more
aspects in earthquake engineering, For example, detailed analysis to
Tearn exactly why things happened, or didn't happer, is perhaps more
important than the event itself. Even more important is providing
reasonable and economic means to prevent such events, if serious, in
the future. The observation and recording of damage is vital, but it
is the tip of the iceberg -- widely seen, but not the center of gravity.

It is unfortunate that in some cases misleading or vague infocrmation
has been released from the field or by the designers as to the design
basis for damaged buildings, especially those in other countries. For
example, some of the damaged South and Central American reinforced con-
crete buildings have been said to have been "designed to United States
codes." Now what is a "United States code", especially many years ago
when the buildings were designed? Is it the old ACI specification with
small column ties far apart even near the joints; is it an UBC code --
if so, which one, etc.? Is it "ductile" comcrete, and if so by what
definition?

Detailed Analysis of Building Damage, or Lack of Damage

This is a vital subject and one in which there has been much accom-
plished. More should be done, especially on undamaged as well as damaged
buildings if local ground moticn records are available. Damage and lack
of damage should be reconciled, preferably on several similar buildings
to establish statistical parameters. The objective is to learn more, to
improve analysis and design techniques, and to be able to obtain more
economical as well as more reliable earthquake-resistant buildings. This
work requires a combination of the most advanced technical procedures and
the experienced judgment of seasoned designers.

This writer can not agree, however, that "only by exposure to real
earthquakes will we be able to test our design procedures." In the first
place, earthquakes are highty random, and they and their effects vary
from A to Z. In the second place, a given earthquake may not really test
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the structure.* In the third place, we can't wait that long. nor do we
have to. Good analysis and theory seasoned with experience can provide
a better evaluation of most buildings than one or two earthquakes that
may or way nhot occur in the lifetime of the structure. But this type of
work has to be much more than a code-type analysis.

To analyze reinforced concrete buildings it is important to get com-
plete drawings, or else make drawings and details from field investiga-
tions; also it -is important to get test data, or else make tests of sample
materials, The analysis should be done by two or more methods, where
appropriate, to compare the results. Allowances should be made for period
and damping variations. The conclusions should be limited to the specific
data and situation at hand without extrapolations or generalizations that
could be misleading,

Building Codes

The codes are improving but (a) they haven't been all that bad when
good judgment has been blended with careful analyses; and (b) they will
never be perfect documents because of their necessary time lag behind
new knowledge, compromises, and idealizations. Special structures will
sti11 need to have more input than "passing a building code." Some damage
must be expected in spite of getting a building permit under any seismic
code. Few owners realize this today. Appiicable codes must be met, but
that alone should not be considered as a substitute for good engineering
judgment and theory. However, any code exceedances need owner approval.

Statistics, Probabilistic Theory, Risk Evaluation

By whatever name, the recognition that there are random variables
and that they follow certain laws and have certain parameters is a vital
part of earthquake engineering. This subject has been gaining in pop-
ularity in the last 10 years or so but it has further to go. It won't
soive ail the problems but it "puts a handle” on many of them and it
improves communication, even with the layman. It is also an aid to
Judgment and the handiing and recording of complex data. It is a legiti-
mate part of earthquake engineering but not a panacea as the public some-
times believes. The writer has used formal probabilistic theory, sta-
tistics and risk evaiuation for over a decade on many complex problems
including some from the fault as the source to the response of equipment
high in a structure. He has also used it less formally over decades of
consulting practice.

The conventional deterministic procedures may lead to gross conser-
vatisms, especially where "enveloping" is used for various steps along
the way [6].

*An unwounded soldier coming ocut of battle is not bulletproof!
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SUBJECTS APPLICABLE TO REINFORCED CONCRETE BUILDINGS
The items discussed above apply to all buildings, including rein-
forced concrete buildings. The subjects in this section apply only te
reinforced concrete buildings.

Measurements and Tests of Full Size Buildings

There are several ways to test buildings in order to obtain dynamic
properties such as periods and damping. One of the best is to measure
actual motion during an earthquake. Almost as useful, and easier to get,
are measured {instrumental) records of real buildings vesponding to man-
made ground motion such as from high energy explosives or underground
nuclear detonations. Much of this has been done in the last 10 years
and much valuable information has been obtained about the characteristics
of real buildings [13,14,27.41].

Other methods include measuring ambient motion or wind-induced motion,
forced vibration, pull-and-release or bump tests, rocket-induced, and
human-induced motion. Some of these techniques go back 40 to 50 years
[28,29]. They have produced very useful information on periods, damping
and mode shapes and variations in these with amplitude, repetitions, time
and other factors. It has been found that the natural periods of some,
but not all, buildings vary considerably, even without damage per se [13].
The damping may vary also, generally increasing with amplitude. Natural
periods have been found to be the same, or closely similar no matter how
the motion was induced, providing the amplitudes are about equal.

Two 4-story reinforced concrete frame test structures at the ERDA
Nevada Test Site have provided much valuable information from many types
of tests including long-continued forced vibration to extreme distortions
in the damaging range [14,30]. It is expected that one of these struc-
tures, already damaged, will be repaired by epoxy or other conventional
methods and then be subjected to severe motion to simulate the behavior
of repaired buildings in damaging earthquakes [31].

Tests of full size buildings provide much valuable information under
controlled conditions and should be continued in the future wherever
feasible. The test data should be compared to code and analysis results
and reconciliations made where indicated.

Large Scale Tests of Members, Assemblies, Elements and Joints

The testing of full size or large scale members, assemblies, ele-
ments, and joints under static, reversed, cycling, and dynamic forces
with careful measurements in controlled conditions such as by Bertero,
Popov, and others [101 is very valuable work. The value lies in deter-
mining the real properties of complex reinforced concrete members and
joints over the entire range from small strains to ultimate loads.

From this it is possible to improve the design procedures for better
performance of the buildings with increased confidence and at optimum
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cost. It is especially important that the capacity to do work {reserve
energy) be measured, and increased, so that maximum ductility can be
obtained and the energy demands of severe earthquakes can be resisted
without failure or excessive deterioration under reversals and cycling.

Damping determinations are needed under various strain leaveis or
ductilities, loading rates, histories of lcading, deterioration stages,
etc. Variations in natural freguencies or stiffnesses are also needed
under similar conditions.

Shaking Table Experiments

Shaking table experiments with reinforced concrete models or with
full size elements such as being conducted by Clough, Penzien, and
others [10] are most desirable, especially where various ground motion
records are used to shake the test specimen well into the inelastic
range. The data obtained on response, period variations, damping, modal
combinations, damage and lack of damage, and with repetitions where
possible under different disturbances are valuable and can not be ob-
tained as well, if at all, by other procedures. More should be done on
combined soil-structure systems in the 2D, 3D and inelastic regimes.

Layout of Buildings

The manner in which a building is planned geometrically is usually
vital to its earthguake integrity. especially to its economy of earth-
quake resistance. Experienced designers of buildings know that of two
buildings passing a given earthquake code, one may be much better than
the other because of its layout. The buildings may be of the same
height and plan dimensions. Too many designers fail to recognize that
the real forces, the real strains, the real conditions, may be much more
severe than the code-required forces and shears would indicate. They
should be thinking of the inelastic behavior of the building as they
design it to code elastic stress levels. Unfortunately, few structural
engineers have much control over the layout of buildings. This is
usually done by the architect and perhaps the owner.

A recent well illustrated paper [32] discusses the importance of
layout. It has been discussed in prior years as well and it is well
known to experienced earthquake engineers.*

The more changas, especially significant or abrupt ones in plan or
in elevation, the more potential problems. Also symmetry of rigidity
about the two horizontal axes is most desirable {even a symmetric struc-
ture will be subject to some torsion in the elastic range, and possibly
a great deal of torsion in the inelastic range).

However, it is possible to have both symmetry of rigidity about the
two horizontal axes and a perfectly rectangular building in plan and ele-
vation and still have a less-than-ideal layout. Reference is made to

*Another case where more formality may be indicated.
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a "core" building where most if not all the resistance is confined to
inner walls, generally surrounding the stairs, elevators and utility
shafts. The buildings Took nice, they may have that graceful slender-
column exterior appearance at the first story, they may pass a building
code, but they may also have a very low polar moment of inertia of
rigidity about the vertical axis. The result in a major event could

be a severe twisting that could do a Tot of damage and be dangerous.

It is almost a certainty that buildings that go into the inelastic range
{and most will) will do so in an asymmetric manner no matter how sym-
metric they may be in the elastic range. Research should be done on core
buildings; in the meantime they should get special attention.

Another potential (and historical) problem is corner columns.
There is indication that with 2D and 3D action, with or without
"accidental" or inelastic torsion, corner columns designed by most
codes could have trouble [33]. Not only are certain geometric problems
and dynamic problems possible, but corner column joints are not gener-
ally as well confined as other joints, and there may be less compressive
stress to aid in shear and flexural resistance.

Types of Concrete Buildings

Buildings come in various shapes, sizes, and types. There are "box"
buildings with nothing but walls, "framed" buildings, open column build-
ings with slab floors and no beams, frames or slab buildings with “shear"
walls, framed buildings of varicus types with full or partial filler
walls of either strong or weak materials, braced buildings, open build-
ings, etc. And, of course, there are cast-in-place, precast, prestressed,
poststressed, continuous pour, upside-down construction, and all sorts
of combinations., Cost is the problem. Earthquake resistance is also a
problem,

If the real forces were the same as the code forces and if all code
requirements were met, there would be no serjous problem, with one or
two exceptions. Those exceptions have to do with the injection of par-
tial-height rigid walls between columns. The partial height walls may
be "filler" and not be subject to control in most codes, but they can
"punch" the columns into Tocal shear failures. Full filler walls are
not as bad but may also cause trouble.

But real earthquake forces and shears may be several times code-
required forces and shears. Although there are many factors that may
reconcile this difference [6], they may in some cases fail to do so.

In such situations certain types of buildings may be better than others.
One key consideration might be to use that type whose rigid base period
is most removed from any dominant site periods. Frame action alone may
be desirable, but it may allow so much story distortion as to cause ex-
cessive "non-structural® damage. Shear walls can be used, often to
advantage, but they shouldn’t just be dropped in here and there -- they
should be considered part of the structural system. Shear walls, on
the other hand, may increase rigidity and response acceleration consi-
derably over that of a frame. They also decrease any uplift
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attenuation. These matters, and others, all need to be considered in
research and in design,

Long, narrow, box-type buildings without intermediate transverse
shear walls tend to vibrate in a mode in which the fioor diaphragm pre-
dominates [34]. This in turn tends to twist the end shear walls and
add torsional shear to other shear. The Arvin High School walls no
doubt felt this action in 1952 [35].

Many buildings have such rigid vertical elements as compared to
the horizontal elements that the buildings are essentially vertical
cantilevers [36]. This results in coupled wall problems (in spandrels)
that may or may not be serious, cantilever-type period ratiocs, and
rather short fundamental periods for the height. Various types of
buildings with reference to the ratio of vertical to horizontal stiff-
ness have been categorized [36].

The Flexible First Story and Other Attenuators

The flexible first story resurfaces about every 10 or 15 years [37].
It was a popular subject 40 and 50 years ago [38,39,40] and a few bhuild-
ings were erected with this concept in mind. Actually, a great many
buildings have relatively flexible first stories because of their extra
height and many openings for doors and windows. There is 1ittle doubt
that a "soft" or flexible first story tends to reduce the lateral forces
in the structure [38]. A 1ifting or tilting foundation tends to do the
same,

The problem in the real world is that the actual distortions from
ground motion may grossly exceed those derived using code lateral forces,
and secondary stresses (Pa, etc.) may become serious. There is also the
torsijonal problem to be considered whether or not the building code so
specifies.

A building with a very flexible first story as compared to the other
stories tends to act as a one-mass system if the soil is rigid. Its
period of vibration will vary from that of a more conventional building
of the same mass and geometric proportions. This may be good or bad,
depending upon the ground motion. Its total energy absorption may be
less than that of a more conventional building, :

. In general, flexible first story buildings should be approached very
carefully and have complete dynamic analysis with a range of time his-
tories and response spectra of realistic ground motion.

The same can be said for most of the other attenuators and energy
absorbing devices. They have theoretical merit but should be used only
with adequate research and caution unless one knows just how far the
structure will move, and what will stop it, and with what reserve value,
and what will keep everything in 1ine, in place, and functional at all
times.



133

Ductile Concrete (DC)

The writer wishes to clarify that "ductile concrete” [8,9] as he
defines it is not just the use of special transverse reinforcement in
beams, girders, columns, and joints, but also the more general aspect
of designing.so that: shear failure can not occur hefore flexural
stretching of longitudinal bars; flexural stretching of longitudinal
bars will precede and thus prevent flexural compression failure in
concrete; and confining compression areas so that if concrete should
fail locally in compression it would he adequately confined and develop
the most ductility. The minimum amount and type of transverse rein-
forcement to do all this may still be somewhat conservatively defined.

A challenge is to develop the most reiijable reinforced concrete
column with the optimum combination and quantity of steel and concrete
for the maximum confinement and ductility in interaction.

Real versus Specified Concrete Strength

The specifications call for 28-day strength, f'c, They also don't
allow over 5% or 10% of the test cylinders to fall below f'c. The con-
tractor may go to greater f'c "to be sure". The result is that the
average f'c on the job is much greater than that specified or used in
the design calculations. Then the earthquake is delayed from 28 days
to maybe 28 years, and f'c is considerably stronger, especially with
certain types of cement. The overall result is that the concrete is
much stronger than given credit for and it is also more rigid.

A further consideration is that laboratory test data are plotted
for parameters or for dimensionless ratios. Then under the usual de-
terministic procedures someone, or a committee, draws a curve that falls
below 95% to 100% of all the test points, for "safety". This plot may
relate shear to f'c, for example, The real average shear relative to
fic at 28 days may be 15% to 30% greater than the drawn line or curve
would indicate,

Combining these conservatisms -- the tests for shear, the concrete
mix, the age increase, perhaps the contractor's "safety" allowance as
well, we find the true shear value to be much greater than allowed for
-- maybe 50% to 100%. The rigidity (E;) will also be greater; this may
be good or bad depending upon the spectral demands of the earthquake.
Certainly, the extra strength is good.

It is suggested that this always be considered in research and be
a bonus in design for the case where the real farces exceed code forces.
However, when we resort to probabilistic designs, as we should, such
matters can be handled better by using real mean values and dispersions
from the mean values together with realistic earthquake demands [6].
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Material Research

More should be done on the control and properties of rebars. Also
the trend toward high stress should be watched to insure that elongation
and ductility are not sacrificed. Very "brittle" steel should be avoided
~- even in heavy columns. Bar splices, welded and mechanical, have to
be watched. Bundled bars must be compatible with ductile design and be
adequately tested.

Concrete strength and type should be studied as trends change, such
as to higher f'c's.

Stress-strain laws should be reinvestigated where strengths have
increased above those for prior test levels.

Can fibers be used with safety?

Bond-s1ippage relationships under cycling and inelastic conditions
should be well known, controlled, and possibly improved.

Confined and unconfined concrete under different states of shear and
strain and under 1D, 2D, and 3D action should be studied more [42].

CONCLUSION

Under today's conditions, including the partial replacement of judg-
ment with computer output, it is necessary to conduct research in more
depth than before, and to formalize procedures and documentation even in
areas about which there may be a fairly sound base. There is also an
added value in this process of education and technology transfer.

A great deal has been learned about how better to design and con-
struct reinforced concrete buildings to resist severe earthquake motion
more reljably than in prior decades. A problem is how to make them more
economical; money wasted in the initial construction is gone forever.
Another problem, for all types of buildings, is the risk level for those
constructed long ago without the benefits of current knowledge -- some
of those buildings may be good ones, for various reasons including the
judgment of the designers, but many are not. This is a difficult social
problem. There are, indeed, many remaining and some new problems but
the road ahead looks clear to even better buildings and increased public
safety.
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INTRODUCTION

The purpose of this report 1s to provide to the participants of the work-
shop an overview of the state-of-the-art in Earthquake Resistant Concrete
Building Construction (ERCBC) in Canada.

The close technical co-operation that exists between U.S. and Canadian
engineers means that many aspects of the Canadian state-of-the-art in ERCBC
are essentially identical to those of the U.8. Hence rather than duplicating
material that will presumably be covered by the U.S. reporters, we will re-
strict our attention primarily to those aspects which are specifically Cana-
dian.

After briefly reviewing the need for earthquake resistant construction in
Canada we will summarize the development of the Canadian code provisions for
seismic design "loads". Canadian code provisions for detailing earthquake re-
sistant concrete buildings and the manner in which some of these provisions
are applied in practice will then be described. A brief listing of current
Canadian research in ERCBC plus our opinion of the specific problems that
still need teo be solved will conclude the report.

EARTHQUAKE RISK IN CANADA

The Division of Seismology and Geotechnical Studies of the Farth Physics
Branch of the Department of Energy, Mines and Resources (EMR) of the Federal
Government of Canada is responsible for monitoring seismic ground motion for
seismological data management and for seismological studies of earth dynamics
and earth structures to insure the availability of information and expertise
for industry, the public and the government.

The following brief discussion of the earthquake risk in Canada is based
on a 1975 EMR report by Whitham and Hasegawa [1].

The current instrumentation network in Canada is capable of recording all
earthquakes with magnitudes of 4 or more, and in certain areas there is a 90%
probability of locating earthquakes down to a magnitude of 3 or even less,
Some 200 to 300 earthquakes occurring in Canada are recorded each year. On
the average, 147 of the earthquakes are located in Bastern Canada, 27% in
Western Canada and 597% in the North, with very few being located in Central
Canada.
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In the last 75 years, 7 earthquakes, with magnitudes eof 7 or greater,
occurred in Canada, as listed below:

Year Location Magnitude

1918 Vancouver Island near Estevan (West) 7

1925 St. Lawrence River near the mouth of the 7
Saguenay (East)

1929 Grand Banks, Newfoundland (East) 7.2

1929 Queen Charlotte Scund (West) 7

1933 Baffin Bay (Arctie). 7.3

1946 Strait of Georgia between Powell River and 7.3
Courtenay, B.C. (West)

1949 Northern tip of Queen Charlotte Islands (West) 8.0

In the last fifty years, there has been on the average, one earthquake
each decade with a magnitude greater than 6 in Eastern Canada, and two each
decade with magnitudes greater than 6.5 in Western Canada. Major damage in
the East was also reported from the Cornwall earthquake of 1944, which had a
magunitude of 5.9. When it is recalled that the Sam Fernando Earthquake of
1971 (magnitude 6.4) caused 58 deaths and over half a billion dollars of
damage, the necessity of establishing earthquake-resistant design regulations
in Canada becomes evident. The mechanism used for this purpose is the
Nationmal Building Code of Canada {NBC).

NATIONAL BUILDING CODE OF CANADA (NBC)

In Canada, which is made up of 10 provinces, 2 Districts and the Federal
Government, the responsibility for regulating building safety belongs solely
to the Provinces.. Provincial statutes, in turn, place the responsibility of
regulating building safety on to the municipalities. In the past, each muni-
cipality was free to establish its own standards (or codes) and enforce them
as it saw fit. The maze of by-laws that at one time existed actoss Canada was
labelled as being probably '"the greatest obstacle to progress in building" [2].
To overcome this obstacle, work on a Wational Building Code was started in
1937 and the first code was published in 1941 by the National Research Council
of Canada. :

Although the National Building Code is written in code language, it has
no official status until adopted as a by-law by a municipality, and in the
past, the availability of an advisory document did not necessarily reduce the
maze of by-laws and repgulations.

Recently, the final step to remove the confusion was taken by some of the
Provinces. For example, in 1974 the Province of Ontario passed a new Building
Code Act, which made the Ontario Building Cede (0BC) [3] a regulation under
this Act. Thus OBC applies throughout the Province, is legally binding, and
uses the National Building Code of Canada as its basis for structural regula-
tions.
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The Naticnal Building Code of Canada is published by the National Re-
search Council (NRC) of Canada through its Asscdciate Committee on the
National Building Code (ACNBC). This committee consists of 27 individuals
with 10 members from Government, 16 from Industry, and 1 from a University,
all appointed by the National Research Council of Canada.

The responsibilicy for the Structural part of the NBC rests with the
Standing Committee on Structural Design. This Standing Committee has 22
nembers, with 5 members from Government, 11 from Industry, and 6 from the
Universities,

So far as ERCBC is concerned, there are two other national committees
that are of interest. The Canadian National Committee on Earthquake Engineer-
ing (CANCEE) advises the Standing Committee on Structural Design on all mat-—
ters related to earthquake resistant design. There are at present 22 members
of CANCEE, with 6 members from the Government, 7 from Industry, and 9 from the
Universities. The CSA/NBC Joint Committee on Reinforced Concrete Design is a
joint Canadian Standards Association (CSA) and National Building Code Commit-
tee, responsible for the structural reinforced and prestressed concrete code
provisions.  The recommendations of this committee, after approval by the C54,
becomes a Canadian Standard. The current Standard (CSA A23,3-1973), through
reference to it in the NBC, is part of the NBC of Canada. This Standard is
similar to the American Concrete Institute Code (ACI 318-71). The present
nmembership of this committee numbers 14, with 3 members from the Government,

7 from Industry, and 4 from the Univeraities.

The Standards and Codes formulated by the above committees are circulated
at theilr final draft stage for public comment. Nevertheless, the recommenda-
tions are not published in the literature and hence are not subject to wide
public discussion prior to their publication in final form. This we believe
is the single most serious shortcoming of the present Canadian system.

DEVELOPMENT OF NBC OF CANADA SEISMIC DESIGN PROVISIONS

In order to place into perspective the current seismic provisions of the
National Building Code, we will trace their evolution by briefly describing
the seismic provisions of successive versions of the NBC.

NBC (1941)

The seismic provisions of the first National Building Code of Canada were
based on the concepts presented in the 1937 Uniform Building Code (UBC). The
lateral earthquake force was assumed to act at the centre of gravity of the
structure and to have a magnitude given by a seismic coefficient, which de-
pended on the bearing capacity of the soil, times a building weight, which
was taken as the dead load plus one half of the live load.

NBGC (1953}

On the basis of earthquake zoning established by the U.8. Goast and Geo-
detic Surveys, the second edition of NBC (1953) introduced four earthquake
probability zones. The resulting zoning map (see Figure 1), which remained in
force until 1970, had two main drawbacks: discontinuities existed at some
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zone boundaries (e.g. zone 0 lay next t¢ zone 3 in some locations); and unreal-
istically high ratings of risk were assigned to some cities (e.g. Ottawa and
Montreal).

The seismic design provisions of the 1953 NBC were primarily based on
the 1949 edition of the UBC, The ratio of the seismic base shear to the
building weight (taken as the dead load plus 25% of the design snow load) was
assumed to be a function of the building height, but to be independent of soil
conditions, Figure 2, which will be used to illustrate the evolution of the
Canadian seismic loading provisions, shows the practical range of values for
this 1953 base shear coefficient.

¥BC (1960)

The provisions for selsmic design of the third edition of NBC (1960) re-
mained essentially the same as those of the 1953 edition.

NBC (1965)

In the 1965 Code the selsmic base shear coefficient was assumed to be a
function of: (1) the seismic risk zome, (2) the type of construction, {3) the
importance of the building, (4) the soil conditions, and (5) the number of
storeys of the building.

Figure 2 gives the values of the base shear coefficient obtained from the
1965 Code for a ductile moment resisting frame bullding in zone 3. It can be
seen that the introduction of a factor recognizing the importance of ductility
resulted in a significant lowering of the selsmic design base shear for cer-
tain types of structures.

While the 1965 NBC adopted the 1955 UBC expression relating base shear to
the number of storeys, it required that this base shear be distributed over
the height of the building in a manner derived from the 1961 edition of UBC.

The 1965 edition was the first NBC Code to include torsional considera-
tions in the seismic provisions. These torsional clauses were based on the
then existing Mexican Code and still remain in the 1975 NBC Code.

As an alternative to a simple static analysis the 1965 NBC code permitted
the design loading due to earthquake motion to be determined by a dynamic
analysis "where such an analysis is carried out by a person competent in this
field of work."

NBC (1970) [4]

Based on the work of Milne and Davenport [5] the Canadian seismic zoning
map was completely revised for the fifth edition of the NBC {1970). The 1970
zoning map (see Figure 3) was derived by calculating and contouring the peak
horizontal firm ground acceleration amplitudes that have a probability of ex-
ceedance of 0.0l in one year (Ajpg). On the basis of work by Ferahian {6} it
was stated [7] that for typical cities in zone 3 using the 100 vear return
period for seismic forces would mean a comparable probability of collapse to
that resulting from the 30 year return period for wind loads used by NBC.
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The probability of earthquake occurrence for a city on the Canadian West Coast
and in an area north of Quebec City was found to be generally comparable to
the probabilities for a city of similar size in California [7].

Seismic zone and seismic zone factors (R) to be used in computing the
base shear were selected as shown in Table I.

TABLE I - SEISMIC ZONES NBC (1970)

Zone R Range of Aqqpq Zone Description
: o (% of gravity)
0 [¢] 1 > A100 No damage
1 1 3 >A100 21 Minor damage
2 2 6 > Aj00 2 3 Moderate damage
3 4 A100 > 6 Major damage

It is important to note that, in NBC (1970), although the acceleration
with a 100 year return period (4gp) was used to draw the boundaries of the
seismic zones, the actual value of Ajgg did not enter into the seismic design
force calculations. The minimum lateral seismic force assumed to act non-
concurrently in any direction was given as:

R
vV = Z‘KCIFW ...... (1)
where R = Seismic zome factor (0, 1, 2 or 4) as defined in Table I
K = HNumerical coefficient, depending on construction type,

6 possible types as in UBC {1961)
= 0.05/3%7 % 0.10
= Fundamental period, taken as 0.05 hn/qu or as 0.1N.

= Importance factor (1.0 or 1.3)

H oH H 0
|

= Foundation factor (1.5 or 1.0}

The range of seismic base shear coefficients which result from the appli-
cation of the 1970 NBC rules for ductile frame buildings in zone 3 is shown in
Figure 2. It can be seen that for buildings with fundamental periods less
than about 1.8 seconds the new 1970 provisions once more resulted in a substan-
tial lowering of the lateral seismic design forces.

In an attempt to account for higher mode effects the 1970 code required
a portion of the total lateral lcad to be applied as a concentrated load at
the top of the structure. For the same reason a reduction in the calculated
overturning moment was permitted.

NBC (1975) [8] - Static Load Procedure

As this is the current version of the National Building Code, its seismic
provisions will be described in somewhat more detail.
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Minimum lateral seismic force-—In the 1975 Code the minimum lateral
seismic force, V, is specified as:

V = A.S.K.I.F.W. ceeee (D)
where the terms of this expression are defined as follows:

A 1s the assigned horizontal design ground acceleration for the zome in
question. The values of A, which correspond to the Ajp) values discussed with
respect to the 1970 Code, are .00, 0.02, 0.04 and 0.08 for seismic zones 0,
1, 2 and 3 respectively.

S is a seismic response factor taken 2zs 0.5/%T but need not be taken as
greater than 1.00.

K 1s z numerical coefficient reflecting the influence of the type of con-
struction on the damping, ductility and/or energy-absorption capacity of the
structure., The numerical values of K for the various types of construction
considered are given in Table II.

It can be seen that while the basic concept of the coefficient K is the
same as that used in the 1976 UBC [9] the classifications and the numerical
values are significantly different. The implications of this table and the
explanatory footnotes that accompany it on the earthquake resistant design of
Canadian reinforced concrete buildings will be discussed later in this report.

I is an importance factor taken as 1.3 for schools and for buildings de-
signed for pest-disaster services and as 1.0 for all other buildings.

F is a foundation factor accounting for the influence of the soil condi-
tions. The values of F are given in Table III.

TABLE TI1 - VALUES OF THE FACTOR F [8]

Type and Depth of Seith F

Rock, dense and very dense coarse-grained soils, very stiff and hard
fine-grained soils; compact coarse-grained soifs and firm and stff
fine-grained soils from 0 to 50 ft deep 10

Compact coars¢-grained seils, firm and stifl’ fine-grained soifs with a°
depth greater than 50 ft; very loose and loose coarse-grained soils
and very soft and soft fine-grained seils from 0 to S0 ft deep 1.3

Very loose and loose coarse-grained soils, and very soft and soft fine-
gratned soils with depths greater than 50 ft L=

W is the dead load of the bullding plus 25% of the design smow load.

The base shears that result from the application of Equation 2 to ductile
mement resisting frame bulldings in zone 3 are shown in Figure 2. It cam be
seen that the 1975 provisions result in base shears 207% less than those given
by the 1970 Code.
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The 20% reduction in base shear resulted from a recommendation by CANCEE
to so reduce the earthquagke loads. In fact, the seismic response factor § was
derived so that the term A.S in the 1975 Code would have a value 20% less than
the value of the term RC/4 from the 1970 Code. It is important to realize
that this procedure for determining S means that althcugh the 1975 Code refers
to a "design ground acceleration” the Code does not necessarily reguire a
building to be designed for a peak horizontal ground acceleration correspond-
ing to 1 in 100 probability of annual exceedance. The choice of the faector 8
related the earthquake risk level to that used in the 1970 Code rather than
directly to the acceleration values,

Distribution of the lateral seismic force--The 1975 Code retained the
1970 requirements for the distribution of the lateral seismic force. These
requirements are essentially the same as those employed in the 1961 edition of
UBC.

Overturning moment reduction coefficient—-The concept of an overturning

‘moment reduction ccefficient, J, was retained from the 1970 Code but the values

of this coefficient were made closer to 1.0; whereas in 1970 the coefficient re-
duced to about 0.6 for buildings with periods greater than 3 seconds, in 1975
the values for J were set as:
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se T < 1.5 sec
1. ec.
Torsional moments--The 1975 Code extended somewhat the torsional require-
ments of the 1970 Code by requiring that the design eccentricity at each floor

be computed by whichever of the following two equations produces the greater
effects:

e, = 1l.5e +0.05 D, or

e, = 0.5e - 0.05 D

where e is the computed eccentricity between the centre of mass and centre of
rigidity and D, is the plan dimension of the building in the direction of the
computed eccentricity.

In the event that the maximum design eccentricity, ey, exceeds 0.25 D,
the Code requires either that a dynamic analysis be performed or that the
computed adverse effects of torsion be doubled.

Drift limits=--The NBC Code states that in order to obtain realistic
values of anticipated lateral deflections of a storey relative to its adjacent
storeys, the values obtained from an elastic analysis should be multiplied by
3. The Commentary [10] on the Code recommends an inter-storey drift limiet of
0.005 times the storey height.

NBC {1975) - Dynamic Analysis Approach

In lieu of the design procedute described above the 1975 edition of NBC
permits the design earthquake loading to be determined from a dynamic analy-
sis. The details of this approach are given in the Commentary [10] to the
Code.
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The Commentary makes clear that the major use of the dynamic approach is
expected to be In the design of "unusual or complex structural configurations
for which the static NBC procedures are necessarily crude." It is stated
that "for regular buildings, the static NBC requirements and the recommended
dynamic procedure should give similar results.” It will be demonstrated
later in this report, that this statement is of doubtful validicy.

Design ground motions—-The characteristics of the design ground motions
are defined in terms of peak ground motion bounds which in turn are linked to
the seismic risk level by way of the peak horizontal ground acceleration cor-—
responding to 1 in 100 probability of annual exceedance (i.e. Ajgp). For a
peak ground acceleration of 1.0g the corresponding velocity bound is
40 in./sec. (1016 mm/sec.), and the displacement bound is 32 in. (813 mm).
For other values of peak ground acceleration the bounds are scaled linearly.

Design elastic response spectrum--The design average elastic response
spectrum is obtained by multiplying the peak ground metion bounds by multi=-
pliers which depend on the assumed value of damping. For reinforced and pre-
stressed concrete the sugpgested design value of damping is 5% of critical. For
this value of damping the multipliers for the acceleration, velocity and dis-
placement bounds are 3.0, 2.0 and 2.0 respectively. It is stated that these
amplification factors were adapted from Newmark, Blume and Kapur [11] and
Newmark and Hail [12]}.

Design inelastic response spectrum—~To account for inelastic deformation
the average elastic response spectrum is modified by terms depending on the
structural system ductility factor u. The elastic spectral acceleration is
divided by u for modal periods falling in the range of velocity and displace-
ment bounds and by v@u~l for modal periods along the accelersation bound., The
values of u for various building types are given in Table IV below.

TABLE IV - VALUES OF STRUCTURAL DUCTILITY FACTORS [10]

Structural
Building Type Ductility
Factor
Dugctile moment resisting space frame 4
Combined system of 25 per cent ductile moment resisting space rame and
ductile flexural walls 3
Dhuetite reinforced concrete flexural walls 3
Regular reinforced concrete siructures, eross-
braced frane structures and reinforced masonry 2
Structures having no ductility, ptain masonry 1

Foundation factors and importance factors--Unless a more detailed analysis
of the influence of soil conditions is carried out considering the propagation
of seismic wave from rock to surface, the average response spectrum must be mul-
tiplied by the foundation factors (Table III).

In the absence of a more detailed procedure of adjusting the probability
of exceedance of peak ground acceleration and modifying the acceptable degree
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of plastic deformation, the Importance factors of the static design procedure
are to be used as minimum multipliers to the average response spectrum.

Design forces-~The design forces and interstorey drift are obtained by
taking the square root of the sum of the squares of the effect from each mode.
A further requirement is that the design forces should not be less than the
absolute sum of the effect from any two modes. This last requirement will be
dropped from the forthcoming 1977 edition of the Code.

COMPARISON OF NBC (1975) STATIC, NBC (1975) DYNAMIC
AND UBC (1976) SEISMIC BASE SHEARS

The base shear coefficients obtained from the NBC {1975) static procedure,
the NBC (1975) dynamic procedure and the UBC (1976) procedure for a ductile
moment resisting frame building located in zone 3 are compared in Figure 4.

It can be seen that for buildings with fundamental periods less than about
2 seconds, the NBC static procedure results in seismic base shears smaller than
those obtained from the UBC. Before any conclusions can be drawan from this
comparison it is necessary to know the relative magnitudeés of the load factors
used in the two codes.

The National Building Code (1975) includes load factors, load combination
factors and importance factors as part of the limit states design procedure.
However, the present Code for the Design of Concrete Structures for Buildings,
CSA A23.3-1973 [13], was not formulated with these new load factors in mind.
{(Work is currently underway [14] to examine the material performance factors
needed to utilize the limit states load factors.) At present load factors for
reinforced concrete structures are given in CSA A23.3 (they are very similar
to the ACI 318-71 [15] values) and the load combination factors are given in
the NBC Code. Thus for the earthquake resistant design of Canadian reinforced
concrete structures the combined 1oad effects that must be considered are
1.4D + 1.8E, 0.75 (1.4D + 1.7L + 1.88) and 0.9D + 1.4E.

For the seismic design of a reinforced concrete ductile moment resisting
space frame located in zone 3, the load combinations specified in the UBC are
1.4 (D+ L + EY or 0.9D + 1.4E.

Thus both the design seismic base shear and the load factors can be
lower for a building on the Canadian side of the border than for a comparable
building subjected to a presumably comparable seismic risk on the U.S. side of
the border.

Another possible source of concern regarding the Canadian seismic design
provisions is illustrated in Figure 4. It can be deduced from this figure that
according to the 1975 Code, the probability of a reinforced concrete building
at a particular site in Canada being severely damaged or destroyed by an earth-
quake depends to some extent on whether it was designed by the static or the
dynamic procedure. A relatively tall building analyzed by the dynamic proce-
dure can be designed to resist less than one half of the seismic base shear re-
quired for an identical building designed by the static approach.

It is difficult to prove which is the more appropriate level of earth-
quake resistance, that corresponding to the dynamic approach or that
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corresponding to the static approach. What is certain is that the static
approach gives results close to the "traditiomal" level of earthquake resis-
tance, {It will be recalled that the S factor in the 1975 static expression
was arranged to give a base shear 80% of that given by the 1970 expressions),
while the dynamic approach relates the earthgquake resistance to the peak hori-
zontal ground acceleration with 2 1 in 100 probability of annual exceedance

(A1g0) -

While it may be reasonable to use the Ajpg values to define seismic risk
zones throughout Canada it does not necessarily follow that these values should
be actually used to calculate the seismic design forces. The 1 in 100 proba-
bility of annual exceedance means that a structure with a 50 year life will
have about a 40% chance of being subjected to ground accelerations in excess
of A100 values., Further, the relatively small data base used in the deriva-
tion cof the Ajpgg values and the standard errors invelved in computation means
that thev carrvy a composite uncertainty up to a factor of about twe [16].

Apart from questions regarding the appropriate values for design ground accel-
erations it has been argued that the present procedure places far too much
emphasis on peak ground acceleration values to the detriment of other important
ground motien characteristics [1].

Even if it was agreed that it was appropriate to design on the basis of
the A100 values it must be recognized that the dynamic analysis procedures then
employed to arrive at the design forces are not exact scientific procedures
yielding exact results. Procedures such as that used to modify the elastic
response spectrum to allow for the effects of ductility are far from exact
when applied to structures as complex as a high-rise reinforced concrete build-
ing.

The fact that for regular buildings the dynamic procedure did not give
the "similar results" envisaged by the Commentary was a cause for concern.
Some of the implications of the dynamic procedure were made apparent in a re-
cent paper by Tso and Bergman [17] and in the resulting discussion by Otani
and Uzumeri [18].

Based on the concept that perhaps it was not wise to stray too far from
the traditional levels of earthquake resistance, the soon to be published 1977
edition of NBC will require that the seismic base shear used in a dynamic anal-
ysis procedure not be less than 907 of the base shear obtained from the equi-
valent static force procedures of the Code.

SEISMIC DESIGN PROVISIONS OF THE CANADIAN CONCRETE CODE

The current Canadian code regulations for detailing earthquake resistant
reinforced concrete buildings are given in Chapter 19 of the Code for the
Design of Concrete Structures for Buildings, CSA A23.3-1973 [13] and in the
1977 Supplement [19] of this Code.

The first clause of Chapter 19 states that the provisions of the chapter
"apply to reinforced concrete structures where required or permitted to be de-
signed to resist earthquake forces in a ductile manner." A footnote to this
clause informs us that "Seismic coefficients for buildings designed to have
ductile moment resistant space frames and/er ductile flexural walls may be
found in the National Building Code....."



The chapter then proceeds to spell out the requirements for the members of
ductile frames and the requirements for ductile flexural walls in addition to
some general requirements.

Requirements for Ductile Frames

When classifying construction in accordance with Teble II, the Canadian
designer can comsider a reinforced concrete frame to be a '"ductile moment re-
sisting space frame" 1f the flexural members, columns and beam—column connec-—
tions of the frame are detalled in accordance with the reguirements of
Chapter 19 of CSA A23.3-1973. These requirements are essentially the same as
the corresponding provisions in Appendix A of ACI Standard 318-71 [15).

Requirements for Ductile Flexural Walls

The guidelines In the Canadian concrete code for the design of "ductile
flexural walls" are more comprezhensive than the corresponding provisions of the
ACI Code for "special shear walls". The background to the Canadian regulations
1s explained in the Commentary [20] of the Code and in a paper by Allen, Jaeger
and Fenton [21].

High-rise structures which resist lateral loads primarily by reinforced
conerete shear walls are a popular type of construction in Canada. In view of
the excellent performance of well designed shear wall structures in recent
earthquakes, the 1975 Canadian National Building Code permitted reinforced con-—
crete buildings with shear walls which qualified as "ductile flexural walls" to
be designed with an earthquake K factor of 1.0 (see Table II).

In attempting to present a provision which was easy to understand and
apply, the 1973 C5A concrete code defined a flexural wall primarily in terms of
the overall geometrical proportions of the wall. The equation defining a
flexural wall was derived from the assumption that the top deflection of such a
wall, when analyzed as an elastic cantilever with a horizontal force applied at
the top, due to flexural deformations, should be at least ten times that due to
shear deformations [20].

The inappropriate nature of a rule based on homogeneous, elastic behaviour
for earthquake resistant reinforced concrete walls was pointed out in a 1975
paper by Paulay and Uzumeri [22]. In the 1977 revision [19] of the concrete
code the definition of a flexural wall was changed to read "a reinforced con-
crete cast-=in-place concrete member acting essentially as a vertical cantilever,
designed and detailed so that inelastic energy dissipation takes place through
flexural yielding."

The Canadian concrete code requires that the amount of vertical reinforce-
ment concentrated near each end of ductile flexural walls be determined by cal-
culating, (i) the area of tension steel required to resist the factored moments
and axial loads given by elastic analysis, (ii) the area of tension steel re-
quired to resist the axial service load and the asscciated moment required to
erack the wall, and (iii1) the area 0.0018 byd for grade 60 steel or 0.002 bgd
for Intermediate or hard grade steel and then tzking the largest area required
to satisfy the three requirements. If a plastic hinge is not expected to be
developed in the upper half of the building, then the reinforcement concentrated
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at the ends of the walls may be reduced in this region to an amount given by
0.001 b_d.
W

The vertical reinforcement near the ends of the walls must be tied in
accordance with the usual requirements for columns except that in the lower
half of the structure, or in regions where plastic hinges are expected to
cceur, the spacing of the ties must not exceed eight times the bar diameter
of the vertical reinforcement.

In addition to the concentrated vertical reinforcement, the Code requires
distributed horizontal steel with an area 0.0025 times the cross-sectional
area of the wall and distributed vertical reinfercement with an area 0.0015
times the cross—sectional area. The maximum spacing of this distributed steel
is specified as 12 in. {300 mm) in the lower half of the structure and 18 in.
(450 mm) in the upper half.

In an attempt to ensure adequate shear capacity, the Code requires that
each section of the wall be designed to resist a shear of:

Ve = LLIFV ceeene (D)
where V,, is the shear obtained from the analysis for the section under consid-
eration times the appropriate load factors and F is the ratio of the calculated
flexural capacity at the base of the wall to the factored moment at the base

of the wall obtained from the analysis.

The area of horizontal shear reinforcement required to produce a shear
strength of V,. is to be determined from the usual expressions for the shear
strength of beams except that in the lower half of the structure or in regions
where plastic hinges are expected, the nominal shear stress taken by the
concrete, V., is to be taken as zero.

The maximum allowable nominal shear stress on the wall resulting from the
shear V, . was given in the 1973 Code as 10 VIl (in MPa this is 0.83 ;fé . As
there was doubt expressed, [23] and [24], about the ability of the concrete to
transmit such high shear stresses across hinge regions subjected to reversed
eyelic loading, the 1977 Supplement [19] to the Code reduced this value to

¥ -

6 Vi, (0.50 V] in MPa).

The design shear, V., is also used in the specification of the minimum
area of vertical reinforcement which must cross a construction joint. This
area is given as V,./(0.85 fy), where fy is the specified yield strength of the
steel.

Apart from the specific detailing provisions described above, the CSA
Code also requires that ductile flexural walls be designed "to have adequate
ductility and energy absorption capacity in accordance with generally accepted
principles.” The Commentary [20] on the Code suggests a simple procedure for
satisfying this requirement. While pointing out that system ductility is not
the same as sectional ductility and that procedures for accurately determining
the required ductility of shear walls are not presently available, the Commen-
tary goes on to Suggest that as an "interim procedure"” ductile flexural walls
be designed so that they have a minimum sectional ductility of 3. A critical
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examination of this proposed simple procedure is given in the paper by Paulay
and Uzumeri {22].

General Requirements

The general requirements, which may be of interest, given in Chapter 19
of the C8A Code, are listed below.

Non-continuous walls and partitions=-Where a wall on a stiff partition
does not continue from storey to storey, the columns supporting the wall or
partition load are required to be designed for the maximum compression or ten=
sion and shear forces associated with the moment capacity of the wall or parti=-
tion together with its gravity load.

Lightweight concrete--In its only reference to lightweight concrete,
Chapter 19 requires that the specified concrete strength, fé, for lightweight
concrete, must not exceed 4,000 psi (28 MPa).

Reinforcing steel--The maximum specified yield strength of reinforcement,
fy’ is given as 60,000 psi (414 MPa) and it is required that the tested yield
strength of the steel used not exceed the specified value by more than 18,000
psi (124 MPa).

Foundation capacity--The capacity of foundations and supports of frames
and/ar flexural walls is required to be sufficient to develop the total moment
capacity of the frames or walls and the corresponding walls.

Moment capacity of piastic hinges--It is stated that the moment capacity
of plastic hinges can be calculated by the usuval provisions given earlier in
the Code for determining the capacity of members subjected to flexure and
axial loads.

Structural elements not part of the ductile lateral load resisting system
=~It is recommended that these elements be designed with sufficient strength
and/or ductility so that they can accommodate a deformation three times the
storey drift due to seismic forces (with load factors).

CURRENT USAGE OF THE NBC AND CSA CODES IN ERCBC

The Canadian designer, in deciding on the type of structure to employ in
resisting possible seismic foreces, is govermed by the provisions of the
National Building Cede [8]., If the buyilding is meore than 3 storeys in height
and is located in either seismic zone 2 or 3, the Code requires that the build-
ing have a structural system as described in Case 1, 2, 3, 4, 5 or 6 of
Table II. In investigating whether a particular reinforced concrete structure
satisfies the requirements of one of these six cases, the engineer is directed,
by the first footnote of Table II, to the NBC Commentaries [10].

It is explained in the Commentaries that in order to be classified as
Case 1, 2, 3 or 4, the reinforced concrete structure must satisfy the special
detailing requirements of Chapter 19 of the CSA Cede [13]. The commentary
states that Case 6 applies to structures "without special provisions for duc-
tility in the load-carrying system" and goes on to explain that "continuously
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reinforced concrete” as used in the definition of Case 6 "refers to reinforced
concrete conforming to CSA A23.3 Chapters 1 to 18." The commentary also says
"Precast concrete construction may be used in Case 6 provided the reinforcing
is made continuocus by means of lapped or welded splices in accordance with
CSA A23.3-1973. The splices are to be encased with cast-in-place concrete.'

Thus in designing say a 200 ft. (61 w) high reinforced concrete shear
wall building located in zone 3, the Canadian engineer can either use a K
factor of 1.0 (Case 4) and satisfy all of the requirements for a ductile
flexural wall, or use a K factor of 1.3 (Case 6) and ignore the special seis-
mic detailing rules (if the building is more than 200 ft. high and located in
zone 3, the NBC requires K for Case 6 to be increased teo 2.0). Similarly, if
he is designing a 200 ft. high reinforced concrete frame building in zone 3,
he can either satisfy all of the expensive detailing provisions of Chapter 19
and use 2 K factor of 0.7 (Case 1) or detail his building as he would for a
non-seismic region and use a K factor of 1.3 (Case 6). An engineer interested
only in producing the most economical structure will very often choose the
route of higher K factors and less ductile structures.

The fact that the commentary specifically permits precast concrete struc-
tures to be classified as Case 6 has resulted in numerous pre-cast buildings
being erected in high seismic risk regions in Canada.

CANADTAN RESEARCH IN ERGBC

While research relevant to the general area of earthquake resistant design
is conducted in some Canadian government departments or divisions (e.g. Depart-
ment of Energy, Mines and Resources and the Division of Building Research of
the Natiomal Research Council) Canadian research relating specifically to the
seismic performance of reinforced concrete buildings is essentially confined to
the universities.

Structural engineering research in Canadian universities is primarily
funded through the Office of Grants and Scholarships of the National Research
Council of Canada (NRC). Table V lists Civil Engineering faculty mémbers in
Canadian universities who have recently received support from NRC for research
which could be regarded as being related to the earthquake resistant design of
reinforced concrete buildings. Most of the information in Table V was taken
from the 1975-76 "Annual Report on Scholarships and Grants in Aid of Research"
of the National Research Council [25].

The projects listed in Table V received, on average, about $12,000 per
year from NRC. In comparing this level of funding with U.S. figures, it should
be kept in mind that because of Canadian financing arrangements University
overhead and faculty salaries can not be charged against these grants. Further
numerous government scholarships are available to support superior graduate
students.

Further informationm on the research programmes of many of the investiga-—
tors listed in Table V can be found in the Proceedings of the Second Canadian
Conference on Earthquake Engineering [26] and in the Proceedings of the Fourth
National Meeting of the Universities Council for Earthquake Engineering
Research [27].
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CANADIAN RESEARCH AND DEVELOFMENT NEEDS IN ERCEC

Apart from the challenge of contributing to the advancement of the inter-
national state of the art in ERCBC, Canadian research engineers are confronted
with some specific problems which arise from the present Canadian seismic de-
sign philesophy and code rules.

The Commentaries [10] on the National Building Code summarize the Cana-~
dian earthquake-resistant design philosophy in the following manner:

"The earthquake-resistant design requirements of the
National Building Code of Canada 1975 provide minimum
standards which assure an acceptable level of public
safety by designing to prevent major failure and loss
of 1life. Structures designed in conformance with its
provisions should be able to resist moderate earthquakes
without significant damage, and resist major earthquakes
without collapse. TFor the purpose of this section,
collapse is defined as that state which exists when exit
of occupants from the building has become impossible
because of fallure of the primary structure,”

Before this design philosophy, which is generally accepted, can be used
to derive specific design criteria, answers are needed to the following
general questions:

A) For the various regions of Canada what are the ground motion
characteristics of "moderate’” and "major" earthquakes? Do
they correspond tc 50 year, 100 year, 200 year or 400 year
return peried earthquakes?

B) What is the desired performance of buildings when they are
subjected to these variocus earthquakes?

C) What are the specific structural design criteria needed to
ensure that structures achieve the desired level of performance?

A more detailed listing of some of the Canadian problems, and hence re-—
search needs, which result from trying to answer these three general questions
in the context of ERCBC is presented below.

1. Use of 100 Year Peak Ground Acceleration

The work of Milne and Davenport [5] and the ongoing work by the Depart-
ment of Energy, Mines and Resources {(EMR) of the Government of Canada [1][16]
attempts to quantify for the use of engineers the characteristics of various
return period earthquakes. Based on this work, tables of peak horizontal
ground acceleration at various localities for different probabilities of an-
nual exceedance are given in the Commentaries [10] to the Code. TFurther, it
is stated that other probabilities of exceedance for any site in Canada can
be obtained from EMR.

Table VI, which lists peak ground accelerations with 0.01 and 0,005 pro-
bability of annual exceedance for some Canadian and U.S. localities, may



assist the participants of the workshop in calibrating Canadian practice.
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The

0.01 and 0.005 values are also called the "100-year" (A1p00) and "200-year” (Ao0p)

acceleration levels.

TABLE VI — PEAK GROUND ACCELERATIONS (7] ([10]

A100 (% gravity)

A200 (% gravity)

Locality

La Malbaie
Quebec City
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The Code [8] requirement that the Ajgg value be used as the assigned hor-
izontal design ground acceleration in the dynamic analysis approcach would seem
to imply that the 100 year earthquake 1s the "major earthquake" which the

structure must resist without collapse,

When it is recognized that a building

with a 50 year life has about a 40% chance of experiencing ground accelerations
greater tham Apyg and about a 20% chance of experiencing ground acceleratioms
wore than twice as great as Ajpg, then serious doubts are raised about the

choice of Aypp 25 a design basis.

Part of the rationale for
the choice of the 100 year earth-
quake was the apparently compar-
able effects of the "100 year"
acceleration level and the
"30 yeax" wind speed employed
elsewhere in the Code [61.

Figure 5, which is reproduced
from a paper by Rainer [27],
illustrates some of the diffi-
culties involved in comparing
wind loads and seismic loads.

The magnitude of the "30 year"
wind load appears to be a large
fraction of the maximum possible
wind load. That is, if we
visualize extrapolating the plot
to say 400 years, the wind load
would only exceed the design
value by about 60%. The 100 year
seismic load, on the other hgnd,
is only a small fraction of maxi-
mum possible seismic load. Extra-—
pelating the plot to 400 years
would seem to indicate a seismic
load more than 300% in excess of
the design load.
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It would seem that more work is required before an acceptable definition
of what constitutes g "major earthquake" can be obtained.

2. Structures with Low Ductility in High Seismic Rigk Zones

The fact that the Canadian Code (8] permits concrete structures with only
“nominal ductility" to be comstructed in high seismic risk zones raises a
number of questions that need further study.

~ Does increasing X from 1.0 to 1.3 provide shear wall structures having
no special detailing provisions with the same ability to "survive"
earthquakes as that of the ductile flexural wall structures?

~ Does a reinforced concrete frame which has no special joint reinforce-
ment and which only has nominal ties in the columns have a reasonable
chance of "surviving'" a major earthquake if it has been designed to be
strong enough to resist a lateral force ecorresponding to a K value of
1.37

- Will precast concrete structyres or flat plate structures designed to
resist a lateral force corresponding to a K value of 1.3 "survive" a
mzjor earthquake?

It would seem to the writers of this report that because of the difficulty
in accurately predicting the actual magnitude of possible earthquakes in
zone 3 concrete structures with only "nominal ductility" should not be con-
structed in such zones.

3., Protection of Post-Disaster Service Buildings

As stated in the Commentaries [10] to the Code, "some structures are de-
signed for essential public services and it is imperative that these struc-
tures be operative after an earthquake." In an attempt to achleve this objec-
tive, the Code requires that the design earthquake force for such structures
be increased by a factor of 1.3.

At first sight increasing the design earthquake forces by 1.3 would seem
to be comparable to the specified practice for wind which is to use a 100 year
wind for buildings required for post-disaster services rather than the usual
30 year design wind, As can be seen from Figure 5, the 100 year wind force is
about 1.3 times the 30 year wind force. For wind loading, increasing the de-
sign force by a factor of 1.3 reduces the chance of an essential building
experiencing a greater than designed for load to about 30% of that of a normal
building. For seismic loads, on the other hand, increasing the design force
by a factor of 1.3 only reduces the chance of overload for essential struc-—
tures to about 75% of the chance for normal buildings.

Increasing the design force by 30% will presumably decrease the ductility
demand by about the same amount. For a reinforced concrete frame building the
remaining ductility demand will still result in very substantial inelastic de-
formations during a major earthquake. Will such deformations render the struc-
ture, or the essential equipment housed therein, inoperative? 1In order te pro-
tect essential buildings will it be necessary to establish specific accelera-
tion, displacement and veloeity limitations for such structures?
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4. Comparison of Static and Dynamic Design Procedures

The fact that the static and dynamic procedures of the Code [8] do not
give the "similar results" for "regular buildings" predicted by the Commen-—
taries [10] has caused considerable concern to a mumber of designers.

For structures with long periods the dynamic procedure predicts much
smaller base shears than the static procedure while for short period struc-
tures the reverse is true (see Fig, 4). Though the forthcoming 1977 NBC re-
vision will remove some of the possible effects of this inconmsistency (it will
require that the base shear from the dynamic analysis not be taken as less than
907% of the base shear from the static analysis) much more work 1s needed to
develop rational procedures which will not display such inconsistencies.

As it has been agreed that the dynamic base shears for long period struc~
tures are too low, does it follow that the static base shears for short period
structures are too low? 1In other words, are short period structures designed
by the static approach more susceptible to earthquake damage than long period
structures designed by the static approach?

5. Period Estimation and Design Seismic Force

The seismic design force used in the static procedure of the Canadian
Code [8] is assumed to be a function of the fundamental period of the structure,
T. Empirical expressions are given to evaluate the period but it is stated
that "where techunical data proves otherwise” the designer may use other values
for the period. The Commentaries [10] make clear that what is required is to
"determine the period T for a structure by more refined methods of calculation.”

A dynamic analysis of a skeletal structure usually results in estimating
a longer period for the structure than that given by the empirical fotrmulae.
The longer period would mean that the structure could be designed for a smaller
seismic force (a 20% reduction would be typical). Is such a reduction of
seismic design forces justifiable?

Should the base shear coefficients be related to the initial stiffness
{including the effects of non-structural elements}, the uncracked stiffness of
the skeletal structure, or to the effective stiffness of the yielding structure?

6. Required Shear Capacity of Ductile Flexural Walls

The current Canadian concrete code [13)] requires a ductile flexural wall
to be designed to resist a shear of 1.1F times greater than the shear obtained
from analysis. The term F is a scaling factor which increases the predicted
shears and moments such that the moment at the base of the wall equals the
calculated flexural capacity of the wall. As the actual flexural capacity of
the wall might be considerably greater than the calculated value {strain-
hardening of the steel and probable material overstrengths are not considered
in the suggested calculation procedures) and as the actual ratio of shear to
moment that occurs in the wall might be much higher than the predicted ratio
(Bertero et al [28] have demonstrated that the actual V/M ratio ean be more
than 60% greater than the code predicted ratio) it seems certain that a factor
larger than 1.1 should be used.to determine the required shear capacity. Work
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is needed to determine an appropriate expression for the needed shear capa-
city.

7. Use of Lightweight Concrete in Ductile Structures

By specifying a maximum compressive strength for lightweight concrete
Chapter 19 of the Canadian concrete code {13] permlts the use of lightweight
concrete in the construction of ductile space frames and ductile flexural walls.
It seems unlikely that the only precaution needed when using lightweight con-
crete is to keep £l below 4000 psi (28 MPa). Work is needed to understand the
behaviour of lightweight aggregate concrete members subjected te load reversals
and to investigate what modifications need to be made to the detailing rules
for ductile space frames and ductile flexural walls to ensure that these rules
work equally well for lightweight concrete.

8. Yield Strength of Reinforcing Steel

The Canadian concrete code [13] requires that the yield strength of steel
used in structures designed according to Chapter 19 should not exceed the speci-
fied strength by more than 18 ksi (124 MPa), Evidently the only grades of
Canadian steel that have any chance of being reasonably close to the specified
strengths are Crade 40 and Crade 60 (Grade 50 seems to be a "catch all steel
with great variations in its mechanical properties) and even for these grades
the steel producers claim that the 18 ksi limit cannot be met.

Figure 6(a}, which is reproduced from a private communication by
J.G. MacGregor [29], shows the yield strength distribution cbtained from 249
tests of Canadian and U.8. Grade 40 bars, #3 to #11 in size. The mean yield
strength is 48.8 ksi and the standard deviation is 5.2 ksi. Figure 6(b) (also
from MacGregor) shows a similar distribution from 273 mill tests of Grade 60
bars. The mean yield strength from this distribution is 71 ksi and the stan~
dard deviation is 6.6 ksi,

It can be seen from Figure 6 that there are difficulties in meeting the
18 ksi limit and that there would be even more difficulties in meeting a pro-
posed upper limit of 1.25 ﬁy.

In this regard, i1t is of interest to note that a new Canadian grade of
weldable bar {C30~16M) is now proposed. This grade will have a specified
vield of 400 MPa (58 ksi) and a specified maximum yield strength of 540 MPa
(78 ksi). That is the maximum yield strength will be 1.35 £, or 140 MPa
(20 ksi) above the specified yield.

Further work is needed to produce workable specifications for the allow-
able range of yield strengths to be used in ERCBC and to study the effects of
changing these specifications on the detailing requirements for ductile struc-—
tures.

9, Timit States Design and ERCBC

Work will be needed to study the implications for the earthquake resis-
tant design of reinforced concrete buildings of going to the limit state de-
sign philosophy of the Canadian Code [8].
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For example, 1f the role of the load factor is to account for the possi-
bility that the actual load may exceed the deslgn load, then is it reasonable
to use the same factor, 1.5, for wind loads and for earthquake loads? For
wind loads (see Fig. 5} it may be very unlikely that the actual load will be
greater than 1.5 times the "30 year" design load but for earthquakes the
chances are much higher that the actual "load" will exceed 1.5 times the
"100 year" design "load". How will the concept of ductility be fitted in to
the limit state design?

10. Compatibility of Canadian and U.S5. Practice in ERCEC

When the Canadian and U.S. seismic zoning maps for border regions are
compared, some marked differences are evident. While it would be interesting
to hear seismologists explain the ratiomale behind these differences, as
structural engineers what is of more concern te us is that similar adjacent
buildings located on either side of the border should have probabilities of
failure consistent with the design philosophy of each country. It is conceiv-
able that Canada may accept a different probability of failure for a building
in Niagara Falls, Ontario, than for its identical twin in Niagara Falls,

New York. This may be due to different social priorities or risk taking
philosophies, However, what is desirable is that this difference is the re-
sult of conscious decisions.

The development of some bench mark buildings to calibrate Canadian and
U.S. design provisions would be very useful. Some preliminary discussions on
this needed work has already taken place between CANCEE and the Applied Tech-
nology Council. Furthermore, CANCEE is proceeding to establish a number of
Canadian bench mark structures which can be used to test various code change
proposals and to calibrate existing code procedures [30].

CONCLUSIONS

While the art of designing and constructing earthquake-resistant rein-
forced cencrete buildings was greatly improved in Canada over the last 20 years
there are still a number of areas in which concern can be expressed (e.g. non-
ductile structures in zone 3, survival of essential structures, choice of the
100 year earthquake). The question of whether these possible deficiencies in
design practice result in reinforced concrete structures possessing inadequate
seismic resistance can be answered in one of twoe ways. We can either wait for
a major earthquake, or try to answer the question by means of co-—ordinated
analytical and experimental research.

Further research will hopefully advance the state-of-the-art tc the point
where code committees will be able to write logical, comprehensive and simple
rules for the design of ERCBC. However, on the way to this stage code writing
authorities must resist the temptation to raticnalize separately the various
component parts of the seismic design procedure. What must always be kept in
mind is the effect of a particular change on the final completed structure.

"Correcting®, or making "more precise™, a few of the parts of the tradi-
tional procedure for seismic design without evaluating the effects of the
changes on the total design may be counter productive.
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1 - INTRODUCTION

Reinforced concrete building construction should be viewed as a
whole. Earthquake-resistant design should be one part of the whole
compatible with the other parts, The fundamental concepts of reinforced
concrete building construction should be the same as other types of
construction,

In Europe,due to the joint effort of several international associations,
a system of unified standard codes of practice for structures is at an
advanced stage of preparation., This system consists of & set of volumes,

volume I [1], prepared by the Joint-Committee on Structural
Safety, presents common unified rules for different types of construction
and material. It is the aim of this volume to formulate and to implement
modern concepts of structural safety. It represents a stage of progress
which gives a firm support to specific design rules within the framework
of the unified rules, Its adoption shall create the desirable unity of basic
concepts to be followed in the different codes.

Volume II [2] , prepared by the Euro-International Committee for
Concrete, CEB, presents a code of practice for the design and execution
of concrete structures. It consists of a set of rules summarizing present
knowledge on structural behaviour of reinforced and prestressed concrete
elements and structures. [t extensively covers behaviour under monotonic
loading, makes some reference to fatigue problems bur ommits repeared
loading of the type related to earthquake-resistant design.

Volume [I] [3] , prepared by the European Convention for Cons-
tructional Steelwork, covers the design and execution of steel structures.

Volume IV deals wirth mixed reinforced-steel structures and is in
preparation by a Joint-Committee appointed for this purpose.

Volume V, on Masonry Structures, and Volume VI on Timber



Structures are being drafted by CIB working commissions,

In all these documents the problem of earthquake-resistant design
is almost neglected. Appendix III of Volume [ which presents methodolo-
gies for the definition of variable actions dedicates some very brief
comments to seismic actions.

In Volume II leave is given to consider seismic actions as a
variable loading, to be combined in the usual way with other types of
loadings, or as an accidental loading. In both cases no detailed design
rules are given, However the CEB has for several occasions expressed
the intention to deal with problems of earthquake-resistant design in the
near future.

A different approach to these problems is followed by the European
Committee for Earthquake Engineering. It created a Working Group on
Unification of European Countries' Codes which drafted a Unified European
Code for seismic design in seismic regions [4] . This draft is of the
traditional type. As usual in earthquake resistant regulations it adopts
the concept of seismic coefficient, and by splitting it into several para-
meters takes into account different situations and influences. There is
no specific part dealing with reinforced concrete design. The Intern-
ational Federation for Prestressing, FIP, also has been concerned with
seismic regulations and published the draft of a general code on the
subject [5] .

The present situation concerning earthquake resistant regulations
in European countries is analogous to the situation in countries of other
regions [6:[and[7] . European countries try to improve their codes on
a national basis; there is not much international cooperation. There is
little coordination between earthquake-resistant regulations and design
codes that do not deal with seismic actions, The definition of seismicity
and of seismic actions does not benefit from recent advances in these
fields. The problems of combination of actions, definition of limit-
-states, behaviour and repeated loading are not treated in a rational
ways, Design and execution specifications do not make full use of
existing knowledge, There is much to be done which by no means is
peculiar to Europe. International cooperation on a world-wide basis is
a need no longer hindered by distance.

Although there is much to be done, it should be recognized that
earthquake-resjstant regulations as they exist have played and are
playing a very important r6le in the saving of lives and in the reducing
of damage all over the world.

If can bhe argued what is more important: to implement and to enforce
existing regulations or to improve them. However these two problems
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have little in common. The best solution is to motivate the bodies res-
ponsible for these two types of actions to operate in the most efficient
way in both fields,

Points of view are expressed concerning the improvements needed
in the definition of basic concepts and in the design of reinforced con-
crete buildings.

2 - IDEALIZATION OF SEISMIC ACTIONS

2,1 - General — Nowadays it is unnecessary to justify the use of prob
abilistic formulations in structural codes. Basic variables representing
actions, dimensions and mechanical properties should be considered as
random variables,

One of the aims of the Joint-Committee on Structural Safety consists
in improving the definition of actions. For this purpose it has published
a set of basic notes on actions [8] which include not only a basic me-
thodology but also specify idealizations of the most important types of
loadings: dead load of concrete structures; superimposed loadings in
dwellings, office buildings, retail premises and car parkings; snow
loads on roofs; wind velocities and seismic vibrations.

[dealizations of seismic actions used at present in most codes
deserve much criticism. Even the most advanced ones do not have a
sound probabilistic basis., This criticism does not mean that codes
should be more involved than they are. It is accepted that in usual
situations seismic actions may by represented by seismic factors
defined in a global way. What is imperative it that the seismic factors
be a convenient representation of real seismic actions, it being stated
under which assumptions they are derived and within what limits they
should be applied.

Flastic response spectra are a powerfull concept directly related
to the seismic vibrations, However, its field of application is also
limited. The present tendency to generalize them by defining inelastic
response spectra [9] is not the only way to deal with the problem. In-
elastic response spectra give a remote idealization of soil vibrations.

In the basic note on seismic vibrations[8]the basic variables which
represent earthquake actions are obtained by combining two idealizations:
one dealing with the occurrence of earthquakes, the other concerning
the description of seismic vibrations.

The convenience of splitting the idealization of the occurrence of
earthquakes and the idealizarion of their description imposes a link
between the two idealizations. This link may be expressed by one or
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more measures of intensity. It is not imperative to fix a single measure,
The most important thing is to be able to relate the different measures,
to understand their meanings, and to judge the convenience of their use,

2.2 - Earthquake intensity — In modern seismology the wave radiating

from the source of an earthquake is described by parameters such as

moment, length and stress drop [10] . However, the different types of
magnitude are still the most usual measure of the energy content of earth
quakes.

At a given location distinction should be made bétween bedrock
seismic vibration and vibrations at the surface. In this way it becomes
easier to relate the parameters which describe the earthquake at the
source and the earthquake at a given location,

All these concepts were dealt with by more than one hundred papers
presented in topic 2 (Ground motion, séismicity, seismic risk and zoning)
at the Sixth World Conference on Earthquake Engineering. Cornell in his
summary of the papers [11] emphasizes the need to have a single scalar
parameter to define the strength of a motion. It is often indicated by
some authors that this parameter should measure the damage done to
structures by earthquakes.

This aim is not fundamental and it cannot be satisfactorily reached
due to the diversity of structures. In the present context the need to
define earthquake intensity derives from the need to link occurrence and
descriptive models.

For the said purpose any parameier measuring the power content
of the most intense part of the accelerogram would be satisfactory, Under
simple assumptions this power content can be related to the peak acceler
ation. Consequently, it is suggested that earthquake intensity be ex
pressed by a nominal value of the peak acceleration., The determination
of this nominal value should be discussed in detail to take into account:
instrumental corrections; three dimensional aspects of the vibration;
correlations with other parameters, such as, Housner or Arya's in-
tensities, ordinates of Fourier spectra and the integral of the power
spectral density of acceleration, This last combination is particularly
important and simple.

Assuming the seismic vibration to be a sample of 4 stationary
Gaussian process of power spectrum S (f) , the mean of the peak values
of acceleration (for different samples) is given by

a
a:,u/[ SMAf i, 1)
(o]
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where M is a parameter which depends relatively little on the duration.
For a duration of 30 sec p=v10 %8] . For other durations the values
of s can be easily deduced [12] .

Studies leading to a standardization of the instrumental definition of
intensity are strongly recommended. These studies should be complemented
by the definition of correlations to other instrumental and subjective
scales used at present and in the past.

2.3 - Occurrence of earthquakes — Seismic recording at a site allows
to determine the maximum peak accelerations which occur each year,
This information can be complemented by deriving peak accelerations
from observed magnitudes and location of sources of past earthquakes,
magnitudes being transformead into peak accelerations by means of attenu
arion formulae. Intensity of earthquakes measured by subjective scales
can further be introduced and combined with geological and geotechnical
data. Finally generation models are also useful in deriving the prob-
ability distribution of maximum annual values of peak accelerations.

The annual extremes of magnitudes in a region heing represented
by an extreme probability distribution of Type I leads to probability dis-
tributions of maximum annual values of peak accelerations of Type I[I
[13] . Fig. 1 shows the Type II distribution

Fp@=em (ka)P) i D)
with A= 2. The exponent S = 2 applies in several regions of the world.

Experimental data and physical considerations justify a tendency
towards truncature of the probability distribution of annual extremes in
its upper tail. This upper tail is particularly important for design
purposes if a reference pericd of the order of 30 years is adopted.

To estimate the peak acceleration value which corresponds to a
return period of 50 years, it is acceptable to use the fitting for a Type
I1 distribution. This is no longer the case when estimating maxima in
50 years,

The solution which is suggested, Fig. 1, consists of substituting
above the 0.98 fractile the Type Il distribution of annual maxima by a
Type 1 distribution;

F[(a)=exp(—exp(-oc(a-u))) ....... e 3)

The condition of both distributions Type I and Type Il being tangent
at the 0.98 fractile is imposed,



PROBABILITY RETURN PERIOD OF F(a) (years)
0.999 ——==—(1000
//
-
0.998 SRR S P s /500
Q'\v ,/
/ //, Q?
0.995 (J’Q e & 200
S o
0.99 S @ 100
4 °§/
0.98 " S 50
\pl v.+
A ] ‘h
0.95— A —| 20
&/
0.90L ! 10
o || yd
0.80| 2 5
MEAN VALUE OF F (a)

3-22k= AT 7=

0 doge @ 23 33
PEAK ACCELERATION

Fig. 1 - Probability distributions of maximum peak
accelerations in 1 and 50 years.

Under these assumptions the distribution of maximum accelerations
in 50 years can be easily obtained. Near and above the mean value this
distribution is well represented by a Type I extreme distribution with
the mean value a = 1.3 a8y 08 and the coefficient of variation 0.3.

The solution adopted is controversial. There is very litle inform-
ation allowing to estimate the type of distribution of extremes in 50 years
and its coefficient of variarion. However the consequences on design
which derive from these assumptions are important.

Studies leading to improved definition of the probability distributions
of extreme values of peak accelerations in periods of 50 years are strong
ly recommended. Further studies on the idealization of the occurrence of
earthquakes may also be useful particularly if they are carried out
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bearing in mind the needs of the probabilistic methods of structural
design.

2.4 - ldealization of seismic vibrations —~ To idealize seismic vibrations
it seems necessary to distinguish between descriptive and design models.
The aims to be attained by these two types of models are different. Des
criptive models should idealize the vibrations in order that the funda-
mental fearures of one occurrence are kept, On the contrary design
models shall be chosen in a pragmatic way, Structures designed on
basis of design models will behave on an optimal way under a set of
possible circumstances.

For an earthquake defined by its source parameters it is not yet
possible to obtain univoque descriptive models of the vibration in the near
and far fields.

An overall appreciation of existing records in epicentral regions [14]
shows two main types of shocks: i) shocks which include a dominant
cycle, ii) shocks which do not include a dominant cycle,

A large percentage of far field accelerograms and many near field
ones do not include a dominant cycle. In this case the convenient des-
criptive model should be based on random vibrations. Most refined models
consider the random vibration as non-stationary, both in intensity [15]
and in frequency content.

The far field accelerograms of the Romanian earthquake of March
1977 shows in one of its components a single cycle whose amplitude is
about three times the amplitude of the most intense part of the vibration.
Accelerograms of similar type have been recorded in several other
circumstances.

For simplifying the design process it would be convenient to adopt a
single type of design model. It is not yet clear if this model should be

“of the single cycle type or random vibrations of different durations,

The basic note on actions dealing with seismic vibrations [8] re-
presents bedrock and surface vibrations by a stationary Gaussian process
of 30 second duration and zero mean value of acceleration. According
to the types of soil, the power spectral densities of acceleration S (f)
take the shapes indicated in Fig. 2.

The shapes of these power spectra were selected taking into account
that they should be used as design spectra and not as descriptive models,
Descriptive models should have had a shape closer to that of the transfer
function of a one degree-of-freedom oscillator.
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As indicared in [16] it is possible to compute the response spectra
which corresponds to the power spectra represented in Fig. 2., Fig. 3
shows these response spectra when a bedrock maximum acceleration
a =100 gal and a fraction of critical damping # = 0.05 are adopted.
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‘The programs available at LNEC also make it possible to transform
response spectra into power spectra.

The above consideraticns refer to horizontal vibrations in one
direction. Idealization of vertical and rotational components and cor-
relations in time and space should have been studied.

The most convenient methodology to idealize seismic vibrations is
an involved problem which should be solved by a cooperative work of
those directly interested in the problem, This task should be fulfilled
having in mind the fundamental concepts of probabilistic design of
structures.

3 - FORMULATION OF STRUCTURAL SAFETY

3.1 - Definition of limit states — 'The Common Unified Rules for
Different Types of Construction and Material [1] , classify limit states
in two categories:

a) the ultimate limit states;
b) the serviceability limit states.

It is mentioned that ultimate limit states may be reached due to:
loss of equilibrium; rupture of critical sections of the structure or
excegsive deformation; transformation of the structure into a mechanism;
buckling; fatigue. The pertinence of this classification is questionable.
However, it emphasizes different aspects of failure.

To obtain a rational design it is particularly important to discuss
how ultimate limit states are reached under seismic actions.

Consider the simplest case of a reinforced concrete column, Fig, 4.
Under alternative cycles of horizontal displacements applied at the top,
‘N

-d | +«d

+F |

-F
Fig. 4 ~ Reinforced concrete column under alternative
repeated cycles of imposed displacement.



the column behaves as indicated in the figure. The ultimate limit state
is attained when the rotation capacity of the column is reached, this
corresponds to an ultimate displacement, du .

In the above case to define the ultimate limit state it is necessary
to define ultimate displacements and not ultimate forces, The values of
F are only auxilliary and could be omitted. In this simple case the
checking of safety for seismic actions should be carried out by comparing
ultimate displacements and the maximal displacements produced by the
seismic vibrations. It is meaningless to speak about resisting and acting
forces,

On the contrary, a bridge beam fails when the load of the truck
which crosses it exceeds the ultimate force that the beam can resist. In
this case the checking of safety should be carried out comparing the
ultimate forces and the maximal forces applied by the truck.

Usual situations are much more complex than the two simple cases
indicated above. Permanent loads and variable actions of different nature
combine and act simultaneously. Limit states are not reached under a
monotonic variation of the actions but under repeated variable cycles,
Damage (or utility) varies continuously as a function of the intensity of
the actions and can only be expressed approximately by discrete limit
states.

Failure criteria in Earthquake Engineering are discussed by Bertero
and Bressler [17] in a contribution to a panel discussion at the VI World
Conference in Earthquake Engineering. In this paper the concept damage
ability limit state is introduced. A classification is presented of the
principal ways along which ultimate limit states are reached.

The phenomena associated with variable repeated excitations are
clagsified as: long-endurance fatigue; low-cycle fatigue and incremental
collapse, the two last ones being of particular interest for seismic
actions. It is indicated that the real danger in low-cycle fatigue is not
fracture of the structura]l material but deteriorartion of the stiffness.

The point of view seems to oversimplify the problem. Under va-
riable repeated actions ultimate l[imit states may be reached under as
large variety of circumstances: limit deformability of steel in tension,
crushing of concrete, buckling of longitudinal bars, failure of transverse
bars, deterioration of bond, change of geometry of the structure, local
and overall buckling, etc.

These different phenomena should be analysed and understood. The
information gathered by testing complex structures, elements and con-
nections, although valuable, will never be sufficient to understand the
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seismic behaviour of concrete structures.

3.2 - Theorization of structural concrete — A satisfactory understand-
ing of the behaviour of structural concrete will only be obtained by a
theoretical support which allows to forecast the main features of this
behaviour. The basic information for this theory shall derive from the
idealization. of the mechanical properties of concrete and steel under
variable repeated loading [18] . Furthermore, bond between steel and
concrete plays an important r6le in the overall behaviour of reinforced
concrete members. A large variety of phenomena, such as adherence,
friction, identation and pulling out is included under the general terms
of bond, The basic aspects of all the phenomena should be investigated.

The behaviour of steel bars is influenced by the surrounding con-
crete both in tension and in compression. An understanding of this
behaviour is necessary for deriving the behaviour of more complex
elements,

A simple bar surrounded by concrete presents in tension a complex
behaviour which is idealized in Fig. 5. For monotonic loading the stages:
non-cracked, non-stabilized cracking, stabilized cracking and yielding
are identified, Under variable repeated loading the paths indicated by
arrows are followed.

An analogous situation occurs in elements under compression formed
by: concrete core, concrete cover, longitudinal and transverse bars,
Fig. 6. In this case the overall behaviour can be obtained by associating -
in parallel the behaviours of the core, of the cover and of the longitudinal
bars.

Other models have been derived to explain the behaviour in shear,
torsion, bond and combined load-effects. These theoretical madels should
describe the relationships between load-effects and generalized dis-
placements and allow to obtain the ultimate deformability of elements and
structureg, both in monotonic loading and in alternative repeated cycles.

A further difficulty derives from the fact that the ultimate resgist-
ance to a component (e.g, axial force) is often reduced by large altern
ative repeated cycles of other component {e.g. bending). Consequently
it is necessary not only to check the ultimate deformability of the
structure but also its carrying capacity at the deformed state. This
influence may he amplified by the P-A effect.

3.3 - Seismic response — A very large percentage of earrhquake en-
gineering studies deals with the response of structures acted on by seismic
vibrations. The vibrations being idealized by stochastic processes, the
quantities which describe the response are random variables, The
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QA - NON-CRACKED STAGE

AB - NON-STABILIZED CRACKING
BC - STABILIZED CRACKING

CD - YIELDING

DE - LIMIT OF FRICTION

Fig. 5 - Force-strain relationship for steel bar embedded in
concrete under repeated tension.

extreme values of the response are well idealized by extreme distributions,
Probabilistic studies on structural response should conclude by presenting
the type and the parameters of the extreme distributions of the response.

However, this is not enocugh for a rational probabilistic design.
Usual design rules consist in limiting the probability of attaining ul
timate limit states during a reference interval of time. To be able to
compute this probability it is necessary to compute first the convolution
of the distribution of occurrence of earthquakes and of the distribution of
extreme response [19] . In this way the probability of attaining a given
response in a reference interval of time is obtained.

As indicated in 2.3) the coefficient of variation of the extreme peak
acceleration in S0 years is about 0.5. The coefficient  of variation of
structural response very much depends on the duration of the earthquake,
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Fig. 6 - Force-strain relationship for reinforced concrete
column under repeared compression.

the amount of non-linear behaviour and on the natural frequency of the
structure. As shown by Murakami and Penzien [9] the coefficient of va-
riation of linear response increases from 0.1 to 0.5 as the duration of
the earthquake decreases from 30 to 0,5 second., In non-linear be-

haviour, coefficients of variation even higher than 1.0 may be reached

in particular for structures of high natural frequency (in the range of

5 to 10 Hz).

Consequently, the distributions of the extreme values of the response
during 50 years shall always present very high coefficients of variation,
which are considerably higher than for any other usual type of loading.
This fact has important effects in practical design.

3.4 - Safety checking -~ The general rule for safely checking consists
in verifying if the probability of surpassing a given limit state during a
reference interval of time is sufficiently small, This checking may be
performed in different spaces of variables: the space of basic variables



(input-space), the space used to define the limit state (output-space) or
any other space of variables obtained from a transformation of the two
(state-space) [20] .

The space where it is most convenient to operate depends on the
type of problem to be solved. This question deserves particular attention
in earthquake engineering due to the fact that direct loads and imposed
variable deformations act simultaneously.

Imposed deformations being paramount, the limit states should be
expressed by ultimarte displacements, Consequently, it would be advisable
to carry out the safety checking in a space which would include generalized
displacements as variables. The safety checking would consist in com-
paring extreme displacements dueto earthquakes to ultimate displacements
(limit states), both defined in probabilistic terms.

The main difficulty to proceed along these lines derives from- the
scarce information on limit-state displacements, reached both in mono-
tonic and repeated leading. This is the problem about which existing in
formation is more unsatisfactory and one of those on which research
should concentrate. Without this information a full rational probabjlisric
design cannot be established. The introduction of the concept of ductility
factor is a deviation with many drawbacks.

It is to be expected that the distributions of limit-state displace-
ments present coefficients of variation much higher than those of limit-
-state load effects. Consequently, both the coefficients of variation of
the response and of the limit-states shall be very high as compared to
the usual ones,

In terms of displacements, the probability of reaching a limit-state
is obtained by computing the convolution integral of the distributions of
response and limit-state displacements, In practice this may be simplified
in Level 2 and Leve! 3 methods by checking a reliability index or Iim-
posing partial factors of safety, respectively [1] .

Typical results of this basic problem [19] show that when combining
extrerme distributions of high coefficient of variation it ig uneconomical
to obtain probabilities of failure smaller than about 1073, Therefore,
in seismic zones usual values of the probability of failure of the order
of magnitude of 1075 to 10~ are difficult to implement,

Studies to quantify the seismic risk which corresponds to present
building techniques and to indicate which changes should be introduced in
order to ger satisfactory protection against earthquakes are highly re-
commended.
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4 - CONCLUSIONS

Structural design should take full advantage of a perfect link of
basic concepts and information in all their pertinent aspects, This aim
may only be reached by a world-wide cooperative work in the different
fields.

Much progress has been achieved recently, However, practice has
benefitted little from all this progress.

Points of view on the directions along which research should proceed
were indicated. It is recognized that several important subjects were
omitted, particularly those dealing with execution and control.
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INTRODUCTION

In the long history of earthquake resistant design of reinforced con=-
crete building structures in Japan, the most remarkable developments have
been made in the last decade, stimulated by the experience of siructural
damages caused by the Tokachioki earthquake of 1968, The Architectural
Institute of Japan published a book entitled "Earthquake Load and Earth-
quake Resistance of Building Structures" [1] in Jan. 1977, compiling
the results of most recent coordinated activities of many structural
committees of the Institute. In this publication a new concept of the
"Earthquake Load" was proposed, and it was examined from the point of view
of various structural materials. It may be stated that most of the
significant achievements in the last decade in Japan were culminated in
this recent publication.

In this report, the author first reviews various research activitles
made in Japan since 1968, which in the author's opinion lead to the proposed
earthquake load. Second, one of the proposals, called the "First Proposal",
iz introduced. Finally, a study made by the Reinforced Concrete Committee
leading to a modification of the First Proposal is introduced, which suggests
a possible and desirable direction for the future earthquake resistant design
method for the low-rise reinforced concrete building structures.

HISTORICAL SIGNIFICANCE OF TOKACHIOKI EARTHQUAKE

The proposed "Earthquake Load", which will be explained in detail in the
later part of this report, is epoch-making in the history of Japanese earth-
quake resistant design. In the author's opinion, however, it stemmed out of
the experience of Tokachioki earthquake, especiallysc far as it is related
to low-rise reinforced concrete construction.

The Tokachioki earthquake struck northeastern part of Japan on May 16,
1968, From the earthquake engineering point of view this earthquake was
characteristic, in the first place, in that it gave Japanese engineers the
first recorded strong motion accelerograms of a destructive ground motion in
Japan. It was characteristic, in the second place, in that it gave Japanese
reinforced concrete buildings the first and the greatest ordeal ever since
the beginning of the use of design seilsmic coefficient in 1924. Many rein-
forced concrete buildings, especially school buildings, suffered severe
damages.
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The great Kanto earthquake in 1923 may be regarded as a prehisteric
event, because the design seismic coefficient, originally proposed by
Professor R. Sanc of the University of Tokyo in 1916 [2], was incorporated
into the Building Code only in the following year of 1924. The basic
requirements for earthquake resistance have remained unchanged since then.
Although the standard value of seismic coefficient, 0.1 in 1924 Code, was
increased to 0.2 in 1950, this change was accompanied by a corresponding
increase in the allowable stresses.

In the course of time several destructive earthquakes hit Japanese rein-
forced concrete buildings. In 1948, a six-storied department store in Fukui
collapsed completely. The building had been subjected to air raid fire in
1945, and it was believed that the collapse was caused by the weakened con-
crete in the first story columms. In 1964, many reinforced concrete build-
ings in Wiigata suffered uneven settlement or complete overturning due to
the liquefaction of saturated sand. Because of the affecting factors, these
earthquake damages did not arouse criticism on the earthquake resistant design
method itself,

Around 1960 the reinforced concrete construction spread out rapidly to
rural parts of Japan. BSchool was the typical example. Partly defrayed by
the National Treasury, new school buildings of two- or three-storied rein-
forced concrete construction were built all over the country. In 1968
when the Tokachioki earthquake hit the mortheastern part of Japan, presumably
more than 200 modern reinforced concrete buildings had been constructed in
the affected area, of which about one quarter were school buildings. All of
them had been designed according to the prevalent design method based on the
Building Standard Law and Standards issued from the Architectural Institute
of Japan. In consequence, medium or heavy damages occurred to approximately
15 percents of these buildings. Counting schools only, it was found that
similar or even heavier damage occurred to about 25 percent of existing
buildings in the area. Thus the earthquake destroyed the naive belief of
citizens that reinforced concrete was an "eternal", earthquake- and fire-
proof, construction.

More tecently, Oita earthquake in 1975 offered lessons to the structural
design of Japanese reinforced concrete buildings [3]. However, its signifi-
cance in the history of earthquake resistant design was never greater than
the Tokachiocki earthquake. In faect, the impact given by the Tokachiocki
earthquake triggered most of the recent efforts towards the improvement of
earthquake resistant design method of low-rise reinforced concrete. It is
the intent of the author to review these efforts including the "“Earthquake
Load", and to infer the future trend of earthquake resistant design method.

CAUSES OF SHEAR FAILURE OF COLUMNS AND COUNTERMEASURES

Shear failure of reinforced concrete columns was the most typiecal
failure observed in the buildings, especially in the school buildings, on
occasion of the Tokachioki earthquake. Three causes were involved there,
excluding the everlasting cause of the construction practieces: (1) over-
estimation of allowable shear capacity, (2) inadequate evaluation of shear
force distribution, and (3) underestimation of working shear force. More



detailed description of these caused and countermeasures taken against them
will follow.

Overestimation of Allowable Shear Capacity

Overestimation of shear capacity in the design was the consequence of
too high allowable shear stress, too high evaluation of the effect of web
reinforcement, and too large spacing in the minimum requirements for web
reinforcement. The Ministry of Construction quickly moved towards the
partial amendment of the Execution Order of the Building Standard Law, as the
most effective countermeasure. Article No. 77 of the Order, dealing with the
minimum requirements for columm tie spacing, was revised in 1970. Maximum
spacing of 30 cm was drastically reduced, to be 15 cm at the middle portion
of columns and 10 cm at the top and bottom portions.

The Committee on the Reinforced Concrete Construction of the Architectural
Institute of Japan, which is responsible for the Structural Calculation
Standard, also responded quickly, A new design equation for allowable shear
capacity was developed principally based on Arakawa's research [4].

The equation was incorporated into the revised Standard of 1971 [5].

Shear Force Distribution

The second cause, inadequate evaluation of shear force distribution,
resulted mainly from the presence of nonstructural elements. FPartition walls,
not accounted for as structural shear walls, would carry a considerable share
of the story shear force. Spandrel walls, usually neglected in the design
calculation, would shorten and stiffen columns, thereby attract more shear,
and at the same time they would increase flexural capacity and render the
columns more susceptible to shear failure. Such behavior of spandrel walls
has been observed in many places affected by earthquakes.

Countermeasure to this phenomenon is, however, not simple. Proposals
to take spandrels into design account, or to lsclate spandrels from the frame,
have been made. But accompanying technological problems, for example how to
evaluate flexural and shear capacity of spandrel walls, or how to detail the
isolation (expansion) joints, need to be solved. TFurthermore, it is of
paramount importance to evaluate correctly the overall dynamic response of
buildings with or without spandrel walls. If we "cut" all the spandrel
walls of existing bulldings out of frames, buildings might become too flexible
and too weak to withstand earthquakes. We should realize that spandrels are
the double-edged swords.

Underestimation of Shear Forces

The third cause was the underestimation of working shear forces on the
members., Shear forces had been traditionally determined directly from the
design seismic (horizontal) load, ever since the concept of design seismic
coefficient was incorporated into the Building Code in 1924, Similar to the
treatment of dead and live loads, working forces in the members were computed
for the imposed horizontal load, and members were proportioned in such a way
that working forces would be exceeded by allowable forces, based on the

187



188

allowable stresses. This ig completely normal and natural procedure from
the point of view of the working stress design.

However in view of the fact that the "actual" seismic load could get
much greater than the design seismic load, ductility as well as strength
should be insured in the design procedure. FPremature shear failure should
be avoided even if it would take place at a load level well beyond the design
seismic load. To achieve this end, shear forces associated with the flexural
yield must be used instead of working shear. This was a drastic change in
the design concept for Japanese engineers, and it was three years after
Tokachioki earthquake, 1971, when the ALJ Standard for reinforced concrete was
revised to incorporate the above-mentioned change in the design concept [5].

PREDICTION OF DYNAMIC RESPONSE OF BUILDINGS

By the time when Tokachiokl earthquake occurred in 1968, methods of
dynamic response analysis had been well developed as design tools for high-
rise buildings. Dynamic response analysis considerably broadened the scope
of investigations into causes of earthquake damages. Unlike Kanto earthquake
of 1923 or Fukui earthquake of 1948, many research projects were carried out
where response analysis was applied in order to examine the dynamic behavior
of low-rise reinforced concrete buildings.

Researches After Tokachioki Earthquake

Dynamic analysis has to be based on the nonlinear restoring force
characteristics if one wants to examine behaviors up to the failure.
Laboratory tests of various reinforced concrete structures -- beams,
¢columns, shear walls, beam-column connections, and frames ~— had been made
under reversal of loading [6]. These avallable informations were used in the
modeling of reinforced concrete hysteresis, Futhermore, a field test was
conducted to actually evaluate the hysteresis and modes of failure [7].

A U.S8.-Japan Seminar was held in 1970 at Sendai, toexchange the research
informations, mainly to investigate the experience of Tokachioki earthquake.
Professor J. Penzien of the University of California and Professor H. Umemura
of the University of Tokyo were the coordinators. Proceedings were published
and are available from the Japan Earthquake Engineering Promotion Society [7].
The seminar turned out to be quite successful, and another seminar of similar
character was organized in 1973 at Berkeley, California, this time mainly
to examine the comsequence of San Fernando earthquake. Professor B. Bresler
of the University of California and Professor K. Kubo of the University of
Tokyo were the coordinators.

Stimulated by these successful seminars, a cooperative research project
on earthquake engineering was undertaken in 1973 ~ 1975 between the U. 5. and
Japan. Several researchers were exchanged, and the results were presented
at the Review Meeting, held in 1975 at Honolulu, Hawaii. Proceedings were
published and are available from the same source [3]. Professors J. Penzien
and H. Umemura were coordinators of the cooperative research program.

One of the main themes in the ianternational cooperation was focused on
the prediction of dynamic behavior of existing structures [8]. This was made
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in parallel with other research projects within Japan, Directly following
the investigations into causes of earthquake damage of individual buildings,
two attempts were started on the basis of successful experlence to apply
response analysis to low-rise reinforced concrete buildings. The first was
the assessment of seismic safety of existing buildings [9,10]. The second
was the trial design of buildings which might be judged safe in the light of
dynamic response [11,12,13]. Both of them required the prediction of dynamic
behavior by some means of response analysis == rigorous or approximate.
Through these investigations criteria for seismic safety of frame buildings
and shear wall buildings were established separately, in terms of required
strength and associated dectility.

Sumarizing all these efforts since the Tokachiocki earthquake, it may be
stated that the dynamic response of buildings during earthquakes, including
the possibility of failure, could be estimated, provided that a mathematical
model was set up which would appropriately represent the nonlinear restoring
foree characteristies. Also it was found that the lateral strength of the
buildings governed most directly the magnitude of response deformation.

Varistion in Lateral Strength

As an important by-product of these investigations, it was pointed out
that the lateral strength of buildings would vary tremendously even though
they had been designed for the same seismic coefficient by the same design
procedure. The allowable stress of reinforcing steel for seismic loading
was increased to yield point in 1950, by which it was intended that ultimate
flexural capacity would reflect into the design. However, some buildings
would be four or five times as strong as what the design seismic coeffilcient
implied, while others would be only 20 or 30 percent stronger.

Many reasons could be pointed out. Followings are the reasons to
inflate the flexural strength of framing girders and columms.

a) Reinforcement may be dictated by permanent loading.

b)  Steel area is always rounded up.

c) Because of the working stress equations, membets would have
excessive strength when concrete stress governs.

d)  According to minimum requirements, some bars are always provided
where they are not required by calculation.

e) Column reinforcement may be provided for the unfavorable axial
force combination.

£) Members of similar function may be unified to the one with largest
amount of reinforcement.

g) Bars may be rearranged in the practice for easier placement.

h) Bars usually neglected in the calculation will cooperate; for example
fleoor slab bars to the girder strength, and column bars in one diree-
tion to the strength in the other direction.

i)  Actual steel yield point will always be greater than the specified
minimom.

Secondly the flexural sttrength of frames may increase due to the
following.

1) When design forces and moments are taken at center lines of members,
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the distance from the center line to the eritical section will
contribute to the increase of strength.

k) This is particularly significant when spandrel walls are present,
which have not been taken into structural design considerationm.
It was inferred that many reinforced concrete buildings survived
the Tckachicki earthguake owing to the increased strength due to
the presence of spandrel walls [11].

As to shear walls similar factors as above could be pointed out,
resulting even greater reserve strength in many cases. Futhermore most
buildings have partitions and other "nomstructural" walls which actually
contribute tremendously.

The problem here is that the increase of lateral strength is not depend-
able, It just does not always happen. Depending on the structural planmning
and proportioning, some buildings may scarcely have excess stremngth, yet they
may lack in ductility. A more rational design method is needed which would
provide more uniform seismic safety,

PROPOSAL OF EARTHOUAKE LOAD (FIRST PROPOSAL)

The Vibration Committee of the Architectural Institute of Japan, which
is responsible for the development of design seismic loading, announced two
Proposals of "Earthquake Load", in 1973. One of them, called the "First
Proposal', was originally made by Drs. M. Izumi, M. Watabe, Y. Matsushima and
L. Sakamoto of the Building Research Institute. The other was made by
Professors T. Kobori and R. Minai of the Kyoto University, commonly called
the "Second Proposal.

Both of them were then subjected to the examination by the "Joint
Committee on the Earthquake Load", consisting of representatives from
various structural committees under the chairmanship of Professor H. Umemura,
with the aim of exchanging opirions from the standpoint of structural materi-
als. In January 1975, Professor Umemura transferred the Proposals and
written discussions officially to five structural committees, —- Reinforced
Concrete, Prestressed Concrete, Composite Steel and Reinforced Concrete,
Steel, and Timber -~ asking each committee to make practical examples of
application of the First Proposal. Each committee worked hard not only to
make such examples but also to criticize and modify the Proposal as needed.
These works were jolned to a volume of book entitled "Earthquake Load and
Earthquake Resistance of Building Structures" [1].

In this section of .the report, cutline of the First Proposal will be
introduced. In the next section, works done by the Reinforced Concrete
Committee will be outlined, which, in the opinion of the author, follows
directly the flow of works since the Tokachioki earthquake, and suggests
how the future design method ought to be.

Classification of Buildings

Common to First and Second Proposals, concept of building classifi-
cation was introduced in which buildings belonging to different division
were to be designed for earthquakes by different methods.
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Division One is for buildings where structural calculations are not
required, such as the one following the already approved standard design.

Division Two is for buildings to be designed in accordance with the
current Building Standard Law only, such as low-rise construction restricted
by minimum requirements for wall ratioc and so on.

Division Three is for general buildings to be designed considering
dynamic effect. Proposed Earthquake Loads are intended for this division.

Division Four is for special buildings, with complicated system, new
material or new construction method, whose design and analysis are to be
examined individually by a board of specialists.

Scope of the First Proposal

Buildings in Division Three whose structural design has been made in
accordance with the Building Standard Law or similar ordinances shall be
examined for earthquake motions of maximum intensity by the following method.
In this sense the First Proposal is intended, not to provide design seismic
load, bur to provide means of "post-design" examination. Whatever the
design parameters or design procedures are, a building is judged to be
satisfactory, if it meets this post-design examination. In this sense the
First Proposal provides the "performance type" design criteria tather than
the “specification type".

Another important consideration is due to the fact that the Proposal
is applicable to Division Three. Buildings are to be designed by anonymous
structural engineers. The procedure of examination should then be as plain
and simple as possible. Sophisticated analytical procedure, such as inelastic
time~history analysis, should be avoided.

Velocity Response Value for Examination

Velocity response value for the post-design examination is given by
the following formula.

VD =ZGSD V0 (@8]
where
VD : velocity response value for examination.
Z° : coefficient for zoning (1.0 - 0.8).
G : coefficient for soil classification as specified in Table 1.
3 : spectral value determined by the ratio of natural period in each

mode of building T and critical period of ground T as in
Fig. 1, where T is specified in Table 1. ¢

D : coefficient for damping characteristics of building -as specified
in Table 2.

Vo : standard value of velocity spectrum, taken to be 85 cm/sec.
Values of V_ for Z = D = 1 is shown in Fig.2. Figure 3 shows the
corresponding accéeleration spectra. Although not explicitly stated in the
Proposal, it is inferred that the spectra in Figs. 2 and 3 correspond to

earthquake motions with maximum ground acceleration of about 0.3 g.
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Table 1 Value of Tc and G Table 2 Value of D
Soil Tc c Construction D
Classification (set) Classification

Class I 0.3 1.0 Steel 1.0
Class IT 0.5 1.2 RC, PC frame 0.8
Class 111 0.8 1.5 RC, PC wall 0.8
Class IV 1.2 L 2.0 SRC 0.8
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|

]

|

|

|

1

1

|
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1

1

0 1 /T

Fig. 1 S vs T/Tc
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Natural Periods and Modes of Building

Natural periods and modes are computed taking stiffness of frames and
walls into account. If large amount of sway and rocking at the base of
building are expected their effect may be accounted for. However the
Proposal does not encourage this consideration, as the fethod to appropri-
ately evaluate the effect of sway and rocking is not yet established among
the Japanese engineers.

Elasto-Plastic Response Displacement and Ductility

Relative displacement and ductility of each story considering elasto-
plastic response shall be calculated by the following equations.

6r = My Sre (2)
2
1 QrD
b= i %, > +11} Q>0
(3
lJr = Qrl'J/(I:l:l.i (QrD < Qru)
where

6r : elasto-plastic response relative displacement of r-th story
Gre : elastic limit relative displacement of r-th story
Ur s ductility factor of r-th story
Qru : ultimate lateral capacity of r~th story
QrD : elastic response shear force of r-th story

The elastic response shear force QrD shall be calculated by the
following equation,

// k =0 5
QrD = izl(jzrmﬁ Bi uji Wy VD) %)

m, : mass of j-th floor

participation factor for i-th mode

P natural mode shape (eigen vector) for i-th mode at j-th floor
w3t ¢ natural circular frequency of i~th mode

maximum order of modes to be considered

n : number of stories

wm
e L
‘-

=

Equations (2) and (3) are derived based on the following two assumptions.
First, nonlinear response displacement of a single-degree-of-freedom system
is related to the linear response as in Fig. 4, originally proposed by
Newmark and others. Tmplicitly assumed here is that the restoring force
characteristice of the building can be idealized into perfectly elasto-
plastic hysteresis. Second, above relation is applicable to each story
in a multi-story building. This postulates that each story yields simulta-
necusly and deforms to approximately same ductility factor, or at least this



Table 3 Importance Factor

|

r
Use of Buildings ) Lowest story | Uppermost story Note
Broadcasting Stations 2.0 2.0
Hospitals - .
Telephone Exchanges 1.8 1.5 Linearly
Fire Stations : * interpolate
£
Government Buildings 1.6 1.3 ig:ermgdiate
School Buildings - ' stories
Others 1.3 1.0
—

@

Qro [—— ____________

Qru| .

Sre & 3

Fig. 4 Linear and Nonlinear Systems
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condition is not viglated on a large scale.

Equation (4) is so-~called modal superposition by root-sum-square law.
Since such complicated buildings as might vibrate in torsional modes are
excluded out of the scope, maximum order of modes to be considered, k,
may be taken to be 3.

Acceptance Criteria for Earthquake Registance

Buildings are judged to be acceptable when all the following relations
are satisfied.

M ;ﬁua/Ir (5)
§_/H_ < 1/125 (6
n o

rler/ rzlur < 1/150 N

where
o allowable ductility factor determined for each type of construction
Ir : importance factor as specified in Table 3
Hr : height of r-th stroy

Equation (5) requires the response ductility of each story to remain
within the allowable limit with a safety margin which is dependent on the
importance of the story. Allowable ductility factor y  of 5 for steel
and SRC, 3.5 for RC frame, 2.0 for RC wall were once p%oposed, but their
final dicision was left to each Structural Committee.

Equations (6) and {7) require the response deformation in terms of
translation angle to remain within the prescribed limit. The limiting
values are subject to further discussions.

In case the building fails to satisfy these criteria, structural design
must be modified. In general, greater strength will be provided to the
structure. However, it is permissible to improve detailing so that greater
allowable ductility is available.

Examination for overturning and appendages such as penthouse must also
be made. Provisions for these items will be added in the future.

"FIRST PROPOSAL® ADAPTED TO REINFORCED CONCRETE

The Reinforced Concrete Committee of the Architectural Institute of
Japan, after completion of the work for the revised Building Standard in 1971,
was reorganized and started survey of literatures for the mext phase revision
~-- adoption of limit state concept in the design. Particularly important
and difficult here was how to define the seismic limit state.

The proposal of the Earthquake Load was made at this time. The prin-
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clple of the proposal was accepted quite favorably by the Committee, which
had been groping for the limit state concept in the earthquake-resistant
design.

The approach of the First Proposal was to examine the earthquake resist-—
ance by evaluating the ultimate lateral capacity after the proportioning of
members. This approach was deemed desirable for the purpose of the Committee
because of the following reasons.

First, the greatest shortcoming of the current design method, lack of
uniformity in the ultimate lateral capacity, can be most easily overcome by
actually evaluating the ultimate lateral capacity. The current design method
allows much freedom in the structural planning, design calculation and
reinforcement arrangement, which is good as it is. However because of this
freedom the ultimate lateral capacity will inevitably fluctuate, from the one
barely in excess of design seismic coefflcient to the other several times as
strong as required. By adopting the First Proposal in the design procedure,
such fluctuation is detected, and may or may not be accepted depending on
the relation of required versus available ductility. 1In this way, more
uniform earthquake resistance will be achieved.

Second, the approach of the First Proposal follows, in a sense, the same
line as the ALY Standard for Reinforced Concrete. As stated previously,
design for shear of reinforced concrete members had a drastic change in 1971,
into the ultimate-strength type procedure. Instead of shear forces associated
with the design seismic load, shear forces are calculated from the yield
moment of sections with flexural reinforcement already arranged. The calcula-
tion of ultimate lateral capacity, an essential step in the First Proposal,
may be regarded as an extention of the evaluation of ultimate strength after
bar arrangement from member level to the structure level.

The Reinforced Concrete Committee attempted to apply the First Proposal
to several example buildings, and to madify it, as needed, to a form more
suitable to reinforced concrete. Principally there were three points.

(1) Definition of the building classification, Divisions Two, Three and
Four, was made for concrete structutres. (2) Effective period was defined
to adapt Eq. (3) of the Earthquake Load, which was based on the perfectly
elasto-plastic hysteresis, to the reinforced concrete hysteresis.

(3) The procedure of the Earthquake Load was incorporated into a part of
member proportioning process.

Definition of Building Classification

As stated earlier, buildings are classified into four divisions, and
the Earthquake Load is intended to apply to the Division Three buildings.
Division One is for bulldings where structural calculations are not required,
such as the one following the approved standard design, and no further
definition is needed. Hence only Divisions Two and Four are discussed here.

Division Two -- This class is for buildings to be designed in accordance
with the current Bullding Standard Law only, such as low-rise construction
restricted by minimum requirements for wall ratic and so on. Reinforced
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concrete wall buildings and freme buildings with considerable amount of
shear wall have been shown to be quite earthquake-resistant in many earth-
quakes in the past. Figure 5 shows the relation between earthquake damage
observed in the Tokachioki earthquake and structural parameters [11].
Abscissa is the horizontal area of walls in one direction at the first story
divided by the total floor area, hereafter called wall ratio. Ordinate is
total building weight divided by the sum of horizontal area of columns and
walls. Buildings having wall ratio greater than 35 cm2/m2 are always safe,
while those having wall ratio less than that can be made safe only under
certain circumstances,

Considering thig fact and recent researches into the earthquake-
resistant design [3,8,11,12,13] the Committee approved the tentative pro-
posal made by Professor T. Okada of the University of Tokyo to define the
Division Two buildings as those having wall ratio greater than 30 cm? /m?.

a = A/ ] A > 30 cufu’ (8)
where 2 2
a : wall ratio {em™/m™) 2
A: : horizontal area of walls in one direction at the first story (cm™)

EAf : total floor area of the building (mz)

There have also been motre sophisticated proposals [13], but the above-mentioned
one would be the most practical and yet reasonably effective.

Division Four —-- Buildings in this Division are described as those having
Yecomplicated system, new material or new construction method". Buildings

with predominant torsional vibration, and those with discontinuocus vertical
distribution of strength or stiffness were recognized by the Committee to be
typical of Division Four buildings. Through the survey of buildings subjected
to the Tokachioki earthquake, following was proposed by Professor A. Shibata
of the Tohoku University as the practical limit for this Division.

e' =e/i > 0.3 (¢))
3 =/—Kfrﬁg /i< 1.0 (10)
where
e' : eccentricity ratio
e : eccentricity length between center of gravity and center of
translational stiffness
i @ radius of gyration
j° 1 stiffness radius ratio
: torsional stiffness
K, : translational stiffness

S

As to the buildings with sudden change in strength or stiffness,
such ag piloti or soft-first-story building, it has been shown that the
ductility of multi-degrees-of-freedom shear model can be approximately
evaluated from the linear response as follows (Fig. 6) [1l4].
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~ v b1 11
i 11i aYi uei an

where
U, : response duetility factor (of i-th story)

= 12
uy SPiIGYi (12)
ui’ : approximate value of Uy
U,; ° apparent ductility
Mei = Sp4/0yy {13)
gt deviation of lipnear response story-displacement
n
opg = m bl 18 a4
i=1
%%i : deviation of yield story~displacement
n
4, =n ‘Sﬁ’iil 8y (15)

8 1 linear response story-displacement

GL; : nonlinear response story-displacement
5$i : yield story-displacement
n : nuttber of stories

Effective Period for D-Tri Response Estimation

The restoring force characteristic of reinforced concrete structures
failing primarily in flexure can be idealized into so-called degrading
trilinear (D-Tri) model, shown in Fig, 7 [3,15]. As an example a family of
displacement response spectra for varlous yleld stremgth is shown in Fig. 8.
Cracking and yield strengths are expressed in terms of seismic coefficient,
and the maximum acceleration of input ground motion is normalized to 1.0 g.
Yield stiffness ratio o_ is taken to be 0.5. As seen here the displacement
in the long period rangeé is close to the linear response, but it increases
drastically from linear response value in the short period range and for
low yield strength.

For the single-degree-of-freedom system having yield strength of k
in terms of seismic coefficient and subjected to earthquake with maximuth
acceleration coefficient of k , nonlinear response displacement can be
approximated by &

2

1 ke(T)
8 =3 X ) +1}e (16)
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where
: nonlinear response displacement
k (T) : linear response shear coefficient for period T
k%  : yield shear coefficient
Gg(T) : yield displacement for period T

and the period T is selected by the following rule.

T=T if T T

[ A%

e e eq
T=T if T >T >T an
eq v eq e
T=T if T <
¥y y = eq
where
T 1 period associated with initial (uncracked) stiffness

T® : periocd associared with yield stiffness (T = Teﬁ/a;3

TZq 1 equivalent period from Eq. (18) ¥
T =1.5-k /k (18)
eq y 8
'3 : maximum acceleration coefficient

g

The above relations are shown in Fig. 9. Equations (16), (17) and (18)
select an equivalent perioed T , which determines a constant nonlinear
response for intermediate rangg of peried. For longer period range, non-
linear displacement is evaluated by Eq. (16) using “elastic" periocd T ,
which is usually on the safe side because in this period range nonlinear
displacement is closer te linear displacement. For shorter period range,
nonlinear displacement is found using "yield" period T_, which is a good
approximation for k _ values not less than k . In thisyperiod range Eq. (16}
underestimates the ¥e5ponse if k is less than k , but the ductility factor
in this case is altogether so 1a¥ge that it is aHyway out of practical
significance,

The conditicn in Eqs. (17) and (18) is equivalent to the following,
equating kg to 0.3,

= i >
T Te if ky > kyl
T=T ifk . >k >k
eq vl v y2 19
T=T/vVa  if k <k
e y y="y2
where
kyl = 0.3 (1.5 - T,) (20}
kyz = 0.3 (1,5 - TeA/ay) (21)
T =1.,5-%k /0.3
eq y/ (22)

The rule of Eq. (19) is illustrated in Fig. 10. As seen here this rule
specifies that an effective period be used in case both elastic period and
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yield shear coefficient are small.

For the class II soil, zoning coefficient Z = 1, and for reinforced con-
crete D = 0,8, we have from Eq. (1)

_ 163 T cm/sec (T < 0.5 sec.)
¥p = (T > 0.5 sec.) @3

Vil

D 81.6 cm/sec

Assuming that the maximum ground acceleration associated with the response
of Eq. (23) is 0.3 g, we obtain linear and nonlinear response displacement
spectra for 1.0 g earthquake as shown in Fig. 11. Yield stiffness ratio
¢ of 0.5 was used here. Figure 11 is directly comparable to Fig. 8.

en such comparison was made for several earthquake records and for differ=
ent parameters as shown in Fig. 12, it was concluded that the above-mentioned
effective period may be used for the evaluation of D-Tri response in the
range of ductility factor up to about 5. Figures 13, 14, 15 and 16 are
the response ductility and displacement spectra for four classes of soil
calculated by this method, where ductility factor is taken from the yield
displacement.

Modified "First Proposal"

Based on the foregolng study, following modification to the First
Proposal was proposed by the author.

Calculate natural periods and participation functions of each mode
based on the elastic (uncracked) stiffness.

Evaluate the yield stiffness ratio o_ either by calculatioen or
guess work. Recommended is a value f 0.5.

Calculate the ultimate lateral capacity of each story, and obtain
the yield shear coefficient from the following equationm.

[ i

Io

o

[a]
]
H

(24)

Faed
N o~18 0 e~
=

=8
=
~~
=
H
e
’E‘MH
=4
(=3
~

Q ¢ ultimate lateral capacity of r-th story
¢ story height of r-th story
W ¢ weight of r~th floor

Equation (24) was derived from the equation of motion in the plastic
flow assuming that the mode shape was an inverted triangle.

4. Obtain the effective natural period of the first mode from
Egs. (19), (20), (21) and {22) where T 1s the elastic natural
period of the first mode. If it is different from the elastic

period, modify all the higher mode periods by the same ratio as
that of the first mode.
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Find the linear response shear force in each story from Egs. (1)

e.
T and (&), using the periods modified as above.
£. Find the ductility factor in each story, defined for the yield
displacement from the following expressions.
If k_>Kk
¥y =yl
EX rD
o= gy +1) @ 2 Q)
ra (25)
= <
ur ay QrD/Qru (QrD Qru)
If k. >k >k
y2
T 2 a D
wo=(=2)y L {3 +11} (26)
T T 2
1 ru
If k <k
y = y2
Q 2
po= 2Ry e (27)
I 2 Q
ru .
where
1 : duetility factor of r-th story defined for yield
displacement
o : yield stiffness ratio
QyD : linear response shear force of r-th story
Q" : ultimate lateral capacity of r=-th story
Tiu : elastic natural period of first mode
kK, k : refer to Eqs. (24), €20), (21), (22),

1? k 2 Te
yooyby T use T, for T_ in Egs. (20) and (21)

g- Calculate nonlinear response story displacement from the following

equation.
§ =u & : 28)
T r Ty
where )
§ : nonlinear respouse story displacement of r-th story

Giy : yield story displacement of r-th story

Criteria for Earthquake Resigtance

The Reinforced Concrete Committee examined the acceptance criteria of
the original "First Proposal’, and temporarily concluded as follows.

{1) Although the adoption of importance factor is plausible,

the quantitative definition is still very difficult. Hence it will
not be further discussed within the Committee at least for the time
being.

(2) The principal criteris should be in terms of story slope {story



digplacement divided by story height). Ductility factor has been used
more frequently here and abroad. However the story ductility factor to
be found by the "First Proposal" is unrelated to the member ductility
factor. Futhermore the story ductility factor becomes ambiguous due

to crude evaluation of stiffness reduction factor, while the inelastic
response story displacement, or story slepe, is more definitely evalu-
ated. Hence the story slope is used as the principal criteria, and

the total slope (total displacement at the top of the building divided
by total height) and ductility factor are referred to only as auxiliary
criteria.

(3) The permissible limits are set as follows based on the engineering
judgment considering available experiences and experimental data,

Story slope : 6r/Hr < 1/100 (29)
n n

Total slope : e 6. /) B2 1/120 30
=l =1

Ductility : ur = 3.5 (31)

(4) A new concept of "ductility class" is introduced. According to the
calculated story slope, columns and girders belonging to each story are
classified into three classes as shown in Table 4, and they must be
designed for shear by appropriate methods to ensure deformability
associated with each class.

The detail of design methods for shear will be developed in future.
There will be differences among clagsses of the following items: evaluation
of seismic shear force in the members, shear capacity equation, limiting
value of axial compression, limiting value of web reinforcement, limiting
value of shear span ratio, criteria for development length, and confinement
for bond splitting.

FUTURE TREND IN EARTHQUAKE-RESISTANT DESIGN

The Reinforced Concrete Committee resumed its study towards the limit
state design code when the works for the "Earthquake Load" was completed
in March, 1977, TFundamental scheme for the future code is mot yet laid out.
However, the author views personally that the modification made to the
"First Proposal of the Earthgquake Load" will constitute the skeleton of
the future code by itself.

Figure 17 shows the flow diagram of design procedure proposed by the
Reinforced Concrete Committee in the modification of the "First Proposal.
Traditional design follows the left branch directly. The right branch is
the new addition, which is quite simple and easy for most structural
engineers.

It is necessary for the Committee to examine various problems in order
to develop details of the design procedure, among which are the followings.

a) Define clearly the scope of application of the design flow shown
in Fig. 17. In other words define more c¢learly the Divisions Two,

211
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b)

)

4)

e)

Three and Four,

Choose appropriate design seismic coefficient (or load factor to
the seismic coefficient in the Building Standard Law) to design
most efficiently, avoiding the circulation shown by the dashed
arrow in Fig., 17.

Select, or develop as needed, ultimate strength equations for
flexure and shear in conjunction with the associated deform-
ability, and determine material safety factor or member capacity
reduction factor.

Provide effective means to calculate ultimate lateral capacity,
both for hand and automatic calculatioms.

Determine permissible limits of response deformaticn and duc-
tility more firmly.

Obvicusly we would have to start with some of thege items left for
the "engineering judgment™. To the author it seems that the adoption of
the scheme shown in Fig, 17 is a natural consequence of allkinds of studies
made since the Tokachioki earthquake of 1968. We should switch our design
procedure from the conventional specification type design earthquake load
to the performance type criteria as in Fig. 17.

Table & Ductility Class

Calculated Story Slope R Ductility Class
1/150 <R < 1/100 1
1/200 = R < 1/150 II

R < 1/200 IIL
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SEISMIC DESIGN REQUIREMENTS IN A MEXTICAN 1976 CODE
by
Emilio Rosenblueth

Professor of Engineering
Universidad Nacional Autonéma de México

Introduction

Mexico City contains over one-sixth of the country's population, and its
concentration of engineered buildings is much more proncunced. The major part
of the city lies within the Federal District. The District's building codes
are accordingly the most advanced in Mexico.

The country's and Federal District's first building code conteining earth-
gquake-resistant provisions dates from 1942. A macroseism in 1957 prompted the
issue of emergency regulations (1), which were béset with the consequences of
haste. The compass was corrected in the 1966 code, which was essentially com-
plete years earlier (2). Then came the Federal Electricity Commission norms .(3),
whose innovations served ac basis for the 1976 code. The latter is in large
measure also the outcome of research done at the Instituto de Ingenieria of the
National University and of interchange of ideas and experiences with the Applied
Technology Council of the United States.

The authority responsible for drafting codes and for issuing construction
and cccupation permits is the Federal District Department. Tt usually places
responsibility for complying with code provisions in hands of the registered
engineer or architect that is awarded the construction license. Department
engineers check computations and drawings only for some speclal structures end
for those severely demaged by earthquake., Codes often serve more gs guidelines
than as norms, There is much freedom in design of privately owned buildings
while those belonging to govermnment organizations follow thelr own provisions.
The same pattern holds for congtruction supervision,

The situation is more orderly than might be construed since in cases lead-
ing to penal responsibility or legal dispute, having wviclated code requirements
weakens a professional's position.

Many states in the republic are now {1976) in the process of approving new
building codes, carefully adopted from that of the Federal District.

Selsmicity

Soil amplification, particularly for long periods, i1s extreme in the soft
clay of the Valley of Mexico. In acceleration spectra, prevalling periods of
2 to 2.5 sec are common {4,5) and at one site they have reached 5 sec (Fig. 1).

On hard ground the 100 yr return period ground acceleration and velocity
are respectively 0.05 g and 20 cm/sec (8 in/sec), where g = acceleration of
gravity. The corresponding values on soft ground are 0.1k g and 81 cm/sec
(32 in./sec) {T). These values refer to free field. Considerable reductions
may be expected at the base of ordinary buildings owing to foundation rigidity
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in & horizontal plane (8), foundation depth (9), and sometimes soil~structure
interaction {10).

General Reguirements

Importance Factor.--Since 1966 the factor that distinguishes between essen—
tial facilities and ordinary buildings has become 1.3, much smaller than in pre-
vious codes. The lower figure can be Jjustified by considering that the optimum
base shear coefficient is nearly proportionsl to the 1/{r+l1) power of the
expected loss in case of failure (10), where -r is the expoment in

Me) = als/s )™ (1)

in which A{8) = exceedance rate of structural response 8; o and r = parameters
depending on regional seisgmicity, structural properties, and nature of response
being considered; and 8y = smallest wvalue of & for which we have complete infor-
mation. On hard ground in Mexico City r depends on netural pericd and ranges
between 2,39 for maximum ground velccity and 2,70 for maximum ground accelers-
tion (11}. On soft ground the renge is 2.60 to 3.75 (7). Accordingly an
importance factor of 1.3 implies an expected loss of 2.4 to 3.5 times greater
for essential facilities than for ordinary permanent structures, other things
being egual, These ratios seem reasconable. Yet a thorough study of the matter
would be much in order.

Fence walls whose height does not exceed 2,5 m (8 ft} and temporary waree
houses are the only structures that need not be designed to resist earthquakes.

Microzoning.--The four zones are, I hard ground, IT transition, IIT soft
soil, and IV insufficiently explored. Reclassification of a site in zone IV
into another zone is to be based on local soil exploration. However, if infor-
mation is insufficient to define period Ts in the acceleration spectrum (see
below), this period should be agssumed equal to 5 sec.

Base shear coefficients C for the different zones, associated with the
flat portion of acceleration spectra and a ductility faetor of 1, appear in
Table 1. Recent data (12) indicate that it may be advisable to reclassify part
of zone I as IT (areas where lava flows are underlain by compressible clay)
and lower the value of C for zonme I. Results would sgree closely with those
of design optimization. Tt is not seriously obJectionable to preserve values
in Teble 1 until a change is better substantiated, for C is already low for
zone I and consideration of strong nearby earthquakes may substantiate the
table.

Load Factors.--Load factors for gravity forces are 1.4 in ordinary build-
ings and 1.5 in special structures under uniform live load. These factors are
reduced to 1,1 in design under the most unfavorable live-load distribution
{checkerboard loading).

In design against wind or earthguake the load factor is alsc specified as
1.1,

Cross~sectional dimengions of reinforced concrete members smaller than 20
cm (8 in) sre assumed to be reduced by 2 em (0,8 in) except when specially con-
frolled. The reduction does not apply to effective depth for positive moment
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in beams,

Code load factors, stress-reduction factors, accidential eccentricities in
columns, and reductlons in ¢ross-sectionsl dimensions of reinforced concrete
nembers were computed using a sscond-moment approach and then they were roundsed
off.

Design Spectra.--Figure 2 depicts the design spectra specified for compu-
tation of deformations in structures resting on esch of the first three zones.
See also Table 1. Shapes are basged on spectra of motions recorded since Decem-
ber 1959, when the first strong-metion record was obtained. There are, though,
two important modifications relative to the sctual spectra:

1. The flat portions were widened to take into account uncertainty in
gpectrum shapes and in natural periods. Originally it was thought
didactically eppropriate thal the design spectral crdinate assoclated
with a computed period T should be taken as the largest ordinate in
the range 0.7ST to 1.33T. [Asymmetry of these coefficients relative
to 1.00 stems from assigning T a lognormal distribution, which is a
reasonable assumption (13}.] Reactions of practicing engineers indi-
cated, though, that it would be preferable to modify the shapes of
design spectra so that, entering with computed periocds, one would
directly find the spectral ordinates of the original schene,

2. The descending branch in actusl spectrs varies spproximately as T-l
and T2 in zones I and ITT, respectively. Assuming that intisl costs
and losses in case of fallure were affected in the same proportion as
one varied the number of stories of a bullding end hence its funda-
mental period, optimum design would lead to a variastion of design
ordinates proportional to the foregoing powers of T tc the power
r/{r+l) {1%). wWith the values of r quoted earlier one would arrive
at descending branches in design spectra proportional to T-C.T3 in
zone I and T=1+58 in zone ITI. Longer periods are associgbed with the
possibility of unfavorable behavior caused by phenomens not normelly
considered in gnalysis, such as concentration of ductility demand,
some forms of soil-structure interaction, particularly in the range
of nonlinear behavior, and P-§ effects in excess of computed values.
Hence the desirability of even slower varlation of design spectral
ordinates with T and hence exponents -1/2 and -1 for zones I and III,
respectively. The exponent for zone IT was interpolated between these
values.

The design spectra are intended to correspond to a damping ratio of 5%.

In single-degree hysteretic systems whose initial period exceeds T, maxi-
mum deformations depend little on the shape of the force-deformation curve
provided this is symmetrical and initial stiffness is preserved {13). If the
force-deformation curve is elastoplastic, foreces induced equal those in the
equivalent linear systems (having the same parameters as the elastoplastic one
for small deformations) divided by the elastoplastic system's ductility factor.
When T = O accelerations in the system are independent of its force-deformation
relation since it follows the ground motion without perceptible deformation.

In the renge 0 < T < Ty it is reasonable to interpolate linearly between reduc-
tion factors at the ends of the interval. Deformations in the range 0 < T < Ty



are to be computed from a spectrum whose ordinates are the ductility factors
times the reduced spectral accelerations (Fig. 3).

Design of Ductile Multidegree Systems.--The foregoing criteria carry over
approximately onto structures with several degrees of freedombut systematically
intreduce errors on the unsafe side: individual story ductility factors sys-
tematically exceed the overall ductility factor (13). The error increases as
the structure departs from one having an approximately uniform load factor
throughout. One way of recognizing this situation lies in using smaller duc-
tilities in design than would be derived from individual story bshavior, making
the available (allowable) ductility = decreasing function of heterogeneity of
story-shear load factors. This is subsequently made explicit.

Allowable Ductilities.--Ductility factors to be used in design of single-
degree systems are conservative approximations to laboratory test results under
several dozen cycles of alternating lead (13). They depend on structural
materials, on preperties of structural members and joints, and on structural
details. Reductions mentioned in the preceding paragraph have been incorporated
inte the allowable ductility factors of multistory buildings. Code requirements
for different allowable ductility factors are synthesized in Table 2.

Fquating reduction factors to ductility factor in the range T > T assumes
symmetric force-deformation curves and strongly hysteretic behavior. According
to Ref. 3 the ductility factor to be used in design should be takeh equal to
the one in Table 2 times (1 + 10V3/Vo)/(5 + 6V1/Vo) when the force-deformation
curve in one or more stories can be idealirzed as in Fig. 4, and the ductility
factor U should be replaced with v2u-1 when the force-deformabion curve can be
idealized in Figs. 5 or 6.

A typical condition leading tc a force-deformation curve as in Fig. 4 is
iliustrated in Fig. 7. The girder supporting the single-story columns is aided
by gravity in resisting roof inertia forces from left to right. Gravity effects
decrease the girder's capacity to resist roof inertis forces acting in the
opposite sense. Hence the asymmetry of the curve in Fig. 4. In concrete struc—
tures, however, reinforcement can be designed in such & way as to counteract
this effect, restoring the reduction factor equality with the ductility factor.

Behavior schematized in Fig. 5 is typical of X-braced structures and chim-
ney stacks anchored with long, ductile bolts. Tigure 6 represents behavior of
prestressed concrete structures failing through tension in the prestressing
tendons: departure from linear behevior is mainly due to opening of cracks
which close upon removal of lateral load. The thin hysteretic loop essentially
reflects energy losses due to friction between tendons and concrete.

Redundancy.-—Among the {random) capacities of critical sections in struc-
tural members there is no more then partial ecorrelation. The coefficient of
variation of the shesr cgpacity of & series of parallel frames having nesrly
equal columns decreases therefore as the number of columns increases. The
effect is less pronounced if one or two columns have high effective relative
rigidities and hence take a large share of the story shear. The situation is
covered in the code by specifying that the generalized force acting on every
shear wall or column that takes up more than 20% of the story generalized force
be increased 20%. The first 20% 1s such that the provision affects buildings
on four nominally equal columns. The second 20% is consistent with an analysis
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teking into account the dependence of the coefficient of varistion of struc~
tural capacity on the number of nominally equal columns.

The increase in safety of inverted pendulums brought about through this
provision is smaller than the one achlieved through an increase in base shear
coefficient in previocus codes. The main reason for this is that effects of
rotational inertia are now explicitly to be taken into account, as described
subsequently.

Drift Limitations.-~The code limits computed drifts to 0.008 in ordinsry
structures. The limit is apprarently high compared with previous code limits
Just asg Dbase shear coefficients are comparatively high. Both situwations are
due to specifying spectra directly for computation of deformations while spec-
tra for computation of forces are to be derived from the former through a
reduction scheme. Previous codes specified the spectra for force computation
(which made distinctions based on available ductilities awkward) so they had
to compensate for the reduction when comparing computed and allowable drifts.
They did this by allowing only reduced, unrealistic drifts.

The question, however, is not so clear-cut. We should limit drift essen-
tially to control servicesbility. We should therefore be more interested in
shorter return perieds than when we are concerned with collapse. We should
even adopt different design spectral shapes for deésign against collapse than
for drift limitations. For the sake of simplicity the code specifies a single
spectral shape for a given building. It remains to discern whether the simpli-
fication does not introduce excessive errors in some range of fundamental
pericds.

Drifts limited by this code provision are those associated with frame
digtortion, not with overall flexure, as in essence only the former cause
cracking of nonstructural elements. When the latbter are tied to the struc-
ture in such a way as not to be damaged by structural deformations the 0.008
Jimit is doubled. It may. seem too arbitrary to impose any limitation under
these conditions, but, if it were not imposed, excessively flexible bulldings
would be produced, designed for wvery small lateral forces.

P-§ Effects.~-To save most buildings from revision of P-§ effects it is
permigsible to ighore these effects when the computed total drift does not
exceed 0.008 in any story. When this condition is not fulfillled, computed
column moments and story drifts must be divided by 1 - 1.2¢/¥, where ¢ = story
shear divided by weight sbove and ¢ = computed story drift, and equilibrium
must be restored at Intersections with floor systems. The correction factor
is derived in Ref. 15. Division by 1 - l.Ew/c is equivalent to division by
the more usual form 1 - P/Pey where P = weight of building sbove story being
considered and Foy = value of P that would make the story buckle. Factor 1.2
corrects for the difference between the deformed shapes of columns under ver—
tical and lateral Pforces. Alternative second-order methods of analysis are
also allowed.

In addition one must amplify the bending moments acting on individual
slender columns. The procedure specified is the one in current "ACT Building
Code' (16) except that frsmes baving a total drift not exceeding 0.008 may be
considered as restricted asgainst sway. This exception is Justified because
the assumption that a frame is not restricted implies that all columns tend



to buckle simultaneously, and this global phenomenon is covered by considera-
tion of P-8 effects with { corresponding to the original desgign spectrum and
¢ based on the spectral ordinates reduced to account for ductility, i.e., to
account for nonlinear Pehavior. Yet it is inconsistent that a very conserva-
tive criterion should govern as soon as Y exceeds 0.008, The matter deserves
further scrutiny.

Combined Action of Ground Motlon Components.--In Mexico Clty vertical
ground gccelerations are usually not significant (13). A satisfactory idealiza-
tion of ground motions will therefore censider two orthogonal horizontal compo-
nents acting simwnltaneously. It ig to be assumed that a structure is safe if
state vector R falls within the safe region in states space, and R is to be
computed from

R = Ry + R * 0.3% (2)

where Ry = vector of gravity effects and R} = vector of ith-component effects
{iT). Equation 2 is a simple approximation to results of s more rigorous
analysis. Even this simple expression involves an inecrease in accountacy over
what is required when the matter is ignored. Buf wmless this is done we sys-—
tematically underdesign certain structural members (fypically corner columns)
or, 1f we raise base shear coefficients to make up for neglect of the question,
we overdesign other structural members,

Simplified Method.--The majority of engineered houses and buildings have
no sericus problems of torsicn, overturning, drift, P-§ effects, or combined
action of different ground-motion components. These structures are usually
little sensitive to the design base shear or to the computed capacity of their
structural elements. It is desirable to include in a code 2 simple method
that allews ignoring fine pcints of seismic design, compensates therafore by
slightly raising the base shear coefficient or lowering the computed capacity,
and sets strict limits of applicability. One such method was introduced in
1966 but its use began a fev years earlier, when the code was essentially com-
plete. Experience with the method has been satisfactory although we must admit
that there have been no truly severe earthguakes that would put it through a
decisive test. California engineers have objected to what they consider over-
simplifications in the method on the basis of locs) experience. A more con-
vineing calibration must await further experience in the Federal District.

Static Method

Base Shear Coefficients.--If one does not wish to compute the fundamental
period of vibretion the base shear coefficilent for computation of deformaticns
is C, that is, 1/g times the spectral acceleration in the flat portion of the
spectrum for the site in question. However, one must compute deflections any-
way except when using the simplified method of analysis. Hence it is ordi-
narily not much more work to compute the fundamental period of wvibration using
Schwartz' quotient (13),

2\ 1/2
M

Lr i¥1

T = 2T (3}

where Fi, Mi’ and y; = mass, applied force, and computed deflection of ith
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floor, respectlvely. If it is found that Ty < T < To, the base shear is not
medified, if T < Ty , it is taken proportional to the corresponding spectral
ordinate, and if T > Ty, it is reduced as described under the next heading.

In shear structures the base shear coefficient never exceeds l/g times
the spectral acceleration ordinate associated with the fundemental period
provided the acceleration spectrum for shorter perlods does not fall above the
hyperbola passing through the point mentioned (13). The criterion for T < Tp
is thus conservative for shear gtructures. For flexural structures it is
approximately correct if the spectrum is flat for periods smaller than the
fundamental; not so if spectral acclerations are a decreasing function af peri-
od for periods smaller than T. Hence the need for a different provision when
T > To.

The base shear coefficient for computing lateral forees is equal to the
cne for computing deformations divided by the duetility factor.

Distribution of Acceleraticns for Computation of Story Shears.--The shear
distribution in practically all bulldings and most other structures is rea-
sonably approximated by specifying horizontal aceelerations proportional teo
elevaticn above ground, to the sguare of this elevation, or intermediate between
these., WNo sufficiently simple yet sabisfactory criterion has been devised to
decide on this shape In every given instance. In general, the longer the fun-
damental period of vibraticn the more important will flexural deformations tend
to be relative to shear deformations and the wore significant will the contri-
butions of higher modes tend to be relative to the fundamental. If spectral
accelerations decrease with period, the base shear coefficient in flexural
structures usually exceeds 1/g times the fundamental-period spectral accelera-—
tions. These trends are reflected in the provision that, if T > Tp, horizontal
accelerations for deflection computations be assumed egual to the sum of a term
proportional to elevation and a term proportional to the square of elevation
and such that the corresponding base shear coefficients equal (To/T)X{1 -k[1 -
{To/T)¥1MC and 1.5k(To/T)R[1 - (Tp/7)RIC respectively, where -k = exponent of
T in expression for spectral accelerations when T > Tp. Thus the acceleration
distribution passes smoothly from a straight line when T = T, to a parabola as
T tends to infinity, while the total base shear coefficient varies smoothly
from C when T = Tp toward 1 + k/2 times the spectral ordinate at T tends to
infinity, (See Ref. 13 for results of analysis of chimney stacks.)

Story Toxgues.—-The design torsional eccentricity is to be taken as the
most unfavorable of eg - 0.1b and 1.5eg + 0.1b, where e = statically computed
eccentricity and b = story dimension measured perpepdicularly to direction being
analyzed. Coefficient 1.5 intends to take into account dynamic megnificeticn
(13). . Te additional +0.1b, known as "accidental eccemtricity," is introduced
to cover eccentricities due to discrepancies between the mass, stiffness, and
resistance distributicns used in analysis and true distributions at the time
of a strong earthquake; torslonal oscillations induced by & rotational compo-
nent of ground motions; and other sources of torsion not considered explicitly
in analysis, This is admittedly a crude way of dealing with so many variables,
but for one thing a more ambitious provision would meet objections and probably
rejection by practicing engineers, and for another, the present stabe of know-
ledge does not Jjustify a more refined treatment., TFor example, it is known that
torques induced by the rotational ground-motion component in a one-~story sym-
metrical bullding are a decreasing function of the bullding's fundamental
period of vibration (13). Accidental eccentricities to reflect this part of
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the phenomenon have been suggested, ranging from +0.05b for flexible buildings
to +0.1b for the more rigid ones (13). In multistory, uniform shear-structures
this type of accidental torque is roughly independent of elevation gbove ground
(8), so the corresponding accidental eccentricity, expressed in terms of b,
should increase with elevation. Effects of discrepancies between actual and
compubed rigidities depend on structural layoub and on structural materials;
they are 1ikely to be considerably greater in reinforced comerete strue-

tures and in those having masonry shear walls than in steel moment-resisting
Trames, and they are likely to be a decreasing function of the number of col-
umns in the story under consideration. The dynamic amplification of 1.5 is
open to discussion since, on the one hand, when eg << b, the amplification
factor can considerably exceed 1.5 but, on the other hand, when this factor

is large the story shears are smaller than computed under the assumption that
story teorques are nil (13).

The 1957 regulations specified that the design story torgue not be taken
smaller than half of the maximum in stories above nor the design eccentricity
smaller than half the maximum in stories below. This was intended to reflect
torsional oscillations in one story due to eccentricities elsewhere in a
structure, TFor instance, eccentricities in lower stories that support a sym—
metrical tower will cause the tower to oscillate in torsion; yet this will go
undetected in a conventional static analysis. Fecentricities in upper stories
may cancel each other in such an analysis, leaving lower &tories gpparently
free of torsion; yet the upper-story eccentricities will generally induce tor-
sional oscillations in the entire structure. This provision was adopted years
later in the New Zealand Code. TIn the 1966 Mexican provisions it was discarded
because it seemed an unwarranted complication. An attempt was made to rein-
troduce it in 1976 but met with objections because it requires additional
accountancy and having raised the accidental eccentricity from +0.05b to #0.1b
was felt by many to cover most cases in which eccentricity in remote stories
might have a significant effect. The provision was accordingly left out of
the new code,

Qverturning Moment.--Main reasons for using design overturning moments
smaller than the integral of the story-shear envelope sre (13), a) maximum
story shears do not occur simultanecusly at all stories; b) the envelope of
story shears used in design is approximate; if correct at one elevation and
net unsafe at others, it is practically sure to be conservative throughout most
of the structure's height; c¢) nonlinear behavior of scil near the soil-structure
interface and separation over a small portion of this surface decreases over-
turning moments at and near the structure's bage; and 4) it is often considerably
more expensive to resist overturnling moments at the structure's base than it is
to reailst the associated story shears, so that, from the viewpoint of optimum
design, overturning moments at the base should be reduced. Reductions are not,
however, so pronounced as many codes of the past allowed. The 1976 document
allows 20% reduction at the base, none at the top, and e linear interpolation
between bottom and top reduction factors. Additionally, M > hV, where M =
overturning moment, h = distance to center of gravity of portion of building
above elevation being considered, and V = story shear at that elevation. A
much more drastic reduction is not justified. The provision that M > hvV
insures that equilibrium will be satisfied (there should be no reduction in
the uppermost story from conditions a, ¢, and d) and protects structures
having unfavorable mass distribution along their height.
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It might be appropriate to allow a slight further reduction as one moves
from immediately above to immediately below the foundation. It was felt,
though, that the phenomena involved were not sufficiently understood to permit
drafting a general provision on this matter and that allowing a favorable
contact-stress distribution to be assumed between structure and soll took care
of at least the major part of the phenomena in question.

Local Accelerations.--Local accelerations specified in the code equal
(A = a)g, where Ag = local acceleration for story shear computations and ag =
design acceleration for infinitely rigid structures. Horizontal accelerations
assumed for computation of story shears are not the maximum local accelerations,
with the possible exception of the uppermost floor {roof). As we approach a
structure's base, accelerations for computing story shears go to zero while
local accelerations shouid tend to the maximum ground acceleration. In addi-
tion, appendages and the like dynamically magnify the local accelerations.
Provisions covering the gamut of conditions of practical interest in a theo-
retically sound, accurate manner would be very extensive, as a great many
variables are involved. On the other hand, neither moderate overdesign nor
moderately increased failure probabilities are seriously objecticnable since
initial cost and consequences of failure are orders of magnitude smaller than
for the sntire structure., IHence the simple provision in the code. This pro-
vision recognizes the tendency for local accelerations to increase with ele-
vation above ground because of structural oscillations.

Vertical Accelerations.--Horizontal ground motion can induce nonneglible
vertical accelerations in portions of a structure. Such 1s the case with the
top of inverted pendulums, parts of the roof system in some mill buildings,
and the upper floors of tall buildings exhibiting significant overall flexural
deformetion. In all these cases local vertical accelerations combine to pro-
duce rotaticnal inertia, The code provision is a. simple device that recognizes
dynanic magnification much In the way in which this ls done for story torques.
Tt is required thal, vhere computed vertical displacements exceed some limit,
vertical accelerations be taken into account equal to 1.5 times the design
horizontal acceleration times the ratio of local wvertical to horizontal dis-
placements.

Through this provision and that of P-§ effects there is an increase in
design forces in recognition of vulnerability of inverted pendulums. These
are now to be designed in a more realistic way than was specified in previous
codes, which merely called for a uniferm increase in base shear coefficient
for structures of this type.

Modal Anslysis

Degrees of Freedem per Story.-~In buildings having sufficiently rigid
floor diaphragmg the structure may be modeled with one degree of freedom per
story independently of the magnitude of statically computed torsions. It may
seem strange that the code should not specify explicit dynemic consideration
of story torques when torsional eccentricities are large relative to base
dimensions. The fact is that dynamic magnification of torsionsl eccentricities
is a decreasing function of eg/b (13), so such a provision would not be justi-
fied.

Story Torgueg.-~It is permitted to take story torgues into account using
the criterion specified for static analysis.
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Combination of Modal Responses.--If S; denctes the computed response in
the ith nstural mode of vibration, the design response is to be computed as

5 =\/E_s§ (%)

unless the frequencies of two or more natural modes that contribute signifi-
cantly in Eq. 4 are close together. When this is the case the code itself does
not specify a formula. It refers to a supplementary decument issued by the
Federal District Department, which contains expression

Sis’ 1/2
s =| XX 1 (5)
ij 1+ eij
in which
w! ~ w!
£, = ot (6)
ij riw, + ijj

vhere w; = undamped circular freguency of ith natural model, wi = w4 Yl - gi2 =
damped circular freguency of ith natural mode, Z{ + Q/wis, L; = demping retio
of ith natural mode (assumed equal to 0.05 unless a different value is justi-
fied}, and & = duration of segment of stationary white noise equivalent to

the family of actual design earthquakes (s is to be assumed as 20, 30, and 40
sec in zones I, II, and III, respectively. For zone IV when not reclassified
on the basis of loeal informetion of soil properties, £ = 50 sec). FEquations

5 and 6 are Justified in Ref. 13. Equation 5 simplifies intoc Bq. 4 when all
the w;'s are sufficiently different from each cther sc that €13 >> 0 when

wy # wy -

Reasons for presenting Egs. 5 =nd 6 in = separate document are that they
look complicated and it iIs not unlikely that better practical procedures will be
developed in the near future.

Use of Egs. 5 and 6 is necessary in structures whose coupled torsional and
translational natural modes have some frequencies close te each other or in
which asppendages bring about this condition.

Quantities that are ordinarily computed through Egs. 4 and 5 are not those
used directly in design. We compute by means of these expressions such responses
as story shears and torques and overturning moments; in design we use maximum
generelized member forces: shears, bending moments, and axial forces in beams
and columns. There is not a. one~to-one relation between both types of response,
so in principle we ought to use Egs., 4 and 5 to compute design responses proper.,
However, savings in computation time are significant and loss of accuraey is
normally not, asad errors are always on the safe side, so that only in special
cases is the more precise approach Justified,

Step-by-Step Anelysis

Analysis of buildings subjected to specified ground metions has rarely if
ever been used for design in any country., Yet It seems desirable to leave this
possibility open. The first objecticn to the method lies in that dispersion
of responses is largej; hence, several independent ground motions should be pro-
cessed, which entails high computer costs, (The 1976 code calls for at least
four representative, independent motions.} Second, it is not a trivial matter
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to verify that the motions are consistent with other code requirements. Third,
as a consequence of nonlinear behavior the effects of gravity and of wvarious
components of ground motion must be analyzed simultanecusiy. PFourth, as the
1976 code requires, one should take into account uncertainty in structural
perameters. This is the easiest objection to overcome if we introduce some
simplifying assumptions, such as complebte correlstion among structurasl stiff-
nesses and validity of a second-moment approximation (18). The Tirst assump-
tion allows recogrizing randomness of stiffnesses by merely changing the time
scele in the sccelerstion records vhose effects we analyze. The second assump-—
tion ilmplies that it suffices to analyze the structure for the records having
the original time scgle multiplied by 1L + V and by 1 - V, where V = ceefficient
of varistion of nstursl pericds. We immedistely obtain the expected values of
structural responses and their coefficients of variation. " An approximate
method (1L) then leads to the optimum design.

Concluding Remarks

Participation in the drafting of tuilding codes has been a powerful stimu-
lus to research and inncvation. The informality with which cultural and
economic factors have made Mexican engineers regard building codes, more as
guidelines than as rigid norms, has had its negative aspects but the freedom
it has bred has promoted experimentation and rapid evelution.

A critical examination of present codes discloses their weaknesses and
thereby points out fruitful areas of research. Interaction between code writ-
ing and research has thus proved to be a fecund network of intellectually
rewarding activities.
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Table 1, Acceleration Spectrum Parameters

Zone a c T1 TZ k

1 0.030 0.16 0.3 0.8 172
B} 0.045 0.20 0.5 2.0 2/3

i 0,060 0.24 0.8 3.3 1
a = spectrum ordinate at T = 0 for ordinary buildings,
divided by g
C = ordinate of flat portion of spectra for ordinary
bui1dings, dividad by g
TI = T at beginning of Flat portion, in sec

-t
]

2 T at end of flat portion, in sec

pos
]

exponent of T2/T in descending branch
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Table 2. Allowable Ductility Factors (Abridged)

1. Allowable Ductility Factor: 6.0. Bujldings having moment resisting steel

o concrete frames, Well defined yield point. Compact steel sections.
Helically reinforcad concrete columns or equivalent. Load factor 1.4
for brittie modes of failure, Special design at plastic hinges.

. >0.8
\)mm/v 2 9.50,

2. Allowable Ductiliiy Factor: %, 0, Buildings having moment resisting or

braced steel, timber, or concrete frames or concrete shear walls provided
unaided frames can carry at least 25 percent of horizontal forces.
“min/v?- 0.65.

3. Allowable Ductility Factor: 2.0, Buildingshaving timber, concrete, or

confined sclid masonry resisting elements.

4, Allowable Ductility Factor: t,5, Buildings having the foregoing structural

systems and reinforced or confined hollow masonry shear walls that comply
with certain limitations.

g, Allowable Ductility Factor: 1.0. Other buildings; other structures; other

structural materials.

y = safety factor for story shear; Vain = minimum in entire building; V = average

for all stories.
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EARTHQUAKE RESISTANT REINFORCED CONCRETE BUILDINGS IN
MEXICO: RESEARCH NEEDS AND PRACTICAL PROBLEMS

Luis Estevax

INTRODUCTION

This paper is complementary of Ref. 38. Together, both papers intend
to describe the state of knowledge and practice of earthquake registant
design of reinforced concrete building construction in Mexico. Ref.38
deals with the technical bases for the recently promulgated regulations
(1), while the present paper concentrates on research needs and design
practice achievements and weaknesses.

Development of seismic design technology has been largely based on
engineering judgement and interpretation of ohserved response of struc
tures during severe shocks. Seismic design coefficients have reached
their present values through successive approximations to what engi-
neers and code writers have implicitly deemed optimal, and many limi
tations of design norms in force at a time have been disclosed during
strong earthquakes. As the characteristics of new constructions depart
from the former ones, direct extrapolation of past experience is of
more limited value and support of basic knowledge is required. The
practice of seismic design of reinforced concrete building consiruction
is aiffeclted by technical progress in a variety of fields, of which the
most significant can be broadly grouped into behavior of reinforced con
erete members and systems, dynamic responge, structural analysis,
optimum design decisions and innovative design. Some of these fields
cover problems &pecific to reinforced concrete structures, while others
are significant for other type of construction as well.

* Instituto de Ingenieria, Ciudad Universgitaria, México 20, D.F,



BEHAVIOR OF REINFORCED CONCRETE MEMBERS AND SYSTEMS

Modern design codes, in particular those in force in Mexico at present,
explicitly deal with ductility concepts. Design spectra are rationally
derived from linear response spectra for given values of ductility fac

tors; but these factors have not stemmed from detailed knowledge of the

probability distributions of ductilities that can be developed by different
kinds of structures. Instead, they were indirectly obtained after estab
lishing design coefficients and spectra thai seem acceptable in the light
of the seismic performance of a number of structures designed in ac-
cordance with given prescriptions. The fact that actual structural per
formance is usually obscured by the participation of non-sgtructural ele
ments and the need to extrapolate ductility-bagsed design requirements
to new classes of structural systems make it desirable to acquire a
detailed understanding of behavior of members, systems and local de-
tails when subjected to high stress reversals.

Ribbed flai plaie sysiems

Owing to its light weight, ribbed flat plate construction is extensively
used in buildings resting on the soft clay formation of Mexico City.
The floor system consists of an orthogonal grid of small reinforced
concrete ribs {(depths range from 30 to 50 cin, and widths from 8 to
15 cm; center to center distance between ribs ranges from 70 to 150
em) and a continuous flange of the same material connecting their up
perportions.. In the immediate vicinity of the intersection of the col
umns with the floor system the assembly of ribs and flange is replac
éd with a rectangular portion having the same depth as the ribs (see
Fig. 1). Design and analysis specifications are those developed for
golid flat plates; their validity should be questioned, as differences
between relative values of bending and torsional siiffnesses of both
types of systems may cause marked discrepancies betwedn values of
panel stiffnesses to be used in the lateral load analysis of structural
frames and iIn the evaluation of displacements. These differences are
surely reflected also in the internal stresses within the panels.

The most critical concept in the earthquake resistant design of these
systems is their capacity to provide continuity between columas and
panel elements for the types of internal forces produced by lateral
loads. As in ordinary flat plates, fallure may take place by diagonal
tension along a critical section that lies around the intersection of the
column and the plate; but in this case an additional mode of the same
type must be considered, now with the crifical section lying along the
perimeter of the constant thickness portion adjacent to the columm,
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Tests on solid flat plates show that shear failure arround columns tends to
dominate over bending moment, on account of the latter being distributed over
a large width (34). This makes difficult to obtain large ductilitity values, even
when failure is initiated by yielding at those sections where bending stresses
are highest. The problem persists in riboed flat plates. Ductility factors
adopted in Mexican regulations for design of the systems do not differ from
those used in reinforced concrete beam-column frames; however, adeguacy
of those factors and of the strong-eolumn-weak-girder concept should be
verified in the light of tests of the systems under consideration under the
action of severe alternating lateral loads.

Ductility of reinforced concrete shear walls

The capacity of slender reinforced concrete shear walls has been atiest
ed by laboratory experiments (2). The posgibility of buckling of the wall
free edges along the story height is the main hindrance to the mentioned
capacity; the problem is usually circumvented by providing the wall edges
with stiffening elements running along them. Because of the significant
architectural advantages of using unsiiffened walls, the influence of slen
derness on their response to cyclic applications of bending moments and
shear-forces in the wall plane ghould be studied. Additonal questions
should be posed concerning the gignificance of the interaction of thesge
forceg with the lateral sway of the wall produced by first-order dis-
placements normal to the wall.

Low-aspect-ratio shear walls

Most experimental research on the cyclic-load performance of reinforc
ed concrete shear walls has been caried out on walls with high ratios
of total height to width (aspect ratios). These tests have shown that
overall bending and diagonal tension capacities can be evaluated by con
ventional ultimate load criteria usually applied to reinforced concrete -
beams. Overall bending under the action of forces in the wall plane
can then be forced to be the critical failure mode through adoption of
adequate safety factors with respect to that mode and to other potential
modes such as edge buckling or diagonal temnsion; but for aspect ratios
smaller than about 1.5, conventional beam design is no longer applicable
and the probability of failure in shear is overwhelmlingly largerthan in
bending, unless shear load factors are increased much above ordinary
levels. Available results show that failure patterns in the walls under
consideration deviate significantly from those taking place in high-aspect
ratio walls; reinforcement patterns required to attain some degree of
ductility should reflect gqualitative differences in behavior.
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High-ductility reinforced concrete structures

Mexican regulations require that seismic design specira be obtained by
adequate reductions of specified elastic response specira, and the reduc
tions imply ductility factors ranging from 1 to 6. Ordinary reinforced
concrete frame buildings are assigned a ductility factor of 4. This fig
ure can be raised to 6 provided some special requirements are fulfilled:
that all columns have'transverse reinforcement capable of confining the
core to a degree comparabie to that of a standard helix; that load fac
tors for shear and diagonal tension, torsion, instability and other forms
of brittle failure be taken as 1.4, instead of 1.1 specified for the com
bination of permanent and accidental loads; that provisions be adopted to
permit the formation of the number of plastic hinges necessary for the
development of ductile story behavior in a plastic collapse mechanism
should lateral forces be high enough, and that safety factors with respect
to story shears be essentially uniform throughout the structure. At plas
tic hinges, longitudinal reinforcement is required to have a defined yield
zone; yield stresses higher than 4200 kg/cmz(G0,000 pgi} are not permitt
ed. Some of these regulations are probably too stringent, in particular
the limit to yield stress of reinforcement at plastic hinges, the value of
1.4 proposed for the load factor associated with some failure modes and
the need to use ‘helically reinforced columns throughout the sgtructure.
Comparisons of preliminary designs for ductility factors of 4 and 8 do
not show any substantial saving in the initial cost for structures designed
and detailed in accordance with the requirements specified for the higher
value; hence there is little motivation to go through the additional require
ments. Nevertheless, because well detailed structures are bound to suffer
little damage, economic advantages associated with lower expected costs
of failure and damage may constitute the most significant asset of the
high ductility alternative. The extent of this advantage has not been eval
uated, nor the possible reduction in ductility because of release in re-
strictions.

Interaction between reinforced concrete frames and infill diaphragms

Reinforced concrete frames infilled with clay-brick.or hollow-concrete-
block diaphragms provide an efficient manner of resisting seismic-forces.
Although at the cost of extensive damage, these diaphragms have shown
their capacity to absorb energy during strong earthquakes; but this capac
ity rests on the development of interaction stress between diaphragm and
frame (FMig. 2). When a system of lateral loads acts on an infilled frame,
tensile stresses develop at some regions in the diaphragm and at some
portions along the frame-diaphragm interface. Tengile capacity is reach
ed at low lateral forces, and cracking first occurs there. The diaphragm
then acts essentially as a compression strut, with its ends thrusting upon
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the frame corners, creating a complex pattern of internal stresses. Fur
ther increasge in lateral loads may give place to diagonal cracking . of the
diaphragm, and then, eventually, of the frame corner. In the latter case,
the system's capacity suddenly drops. However, if cracking of the frame
conrner is prevented, the system can still undergo significant additional
deformations at essentially constant load. Deterioration of the energy
absorbing capacity for further loading cycles sirongly depends on the be-
havior of the frame corner. Hence the convenience of formulating ade-
quate design and detailing criteria.

System identification

Presgent design coefficients and safety levels are largely the result of
engineering judgement and interpretation of the response of siructures

to severe ground shaking. Rational criteria for predicting structural
responses and for establishing optimum values of the design parameters
have undergone a drastic evolution in the last few years, and the com-
putation capabilities have not lagged behing; but our limited knowledge
about the properties of structural systems precludes taking full advantage
of those criteria and capabilities. Response spectra for different damp-
ing ratios and ductility levels for given accelerograms can be obtained
at the touch of a butfon, and with comparable ease can the response
history of a nonlinear system with arbitrary damping matrix be determin
ed; but the properties of actual systems, that should be fed into the -
magnificent computer programs available, are far from known. Such
apparent contradiction finds its justification in the difficulties inherent

to determination of the relevant properties of structural system@ for a
wide range of stress levels, including those produced by destructive
earthquakes.

Extrapolation of past experience about seismic response of structures
does not suffice for predicting behavior of those to be built, as construc
tive practices, structural concepts and architectural details evolve rapid_ly.
Research should cover determination of natural frequencies and damping
ratios for more than one natural mede, shsking-table tests on large
models, deployment of strong motion-instrument arrays on important
gtructures and analysis of the records obtained during severe ground
gshaking. Instrumentation of models and actual structures should be
such ag to permit determination of force-deflection curves for a number
of structural assemblages at different stress levels; quantitative criteria
suitable for practical applications should be formulated aiming at the
definition of these curves for first load application and of the laws go-
verning their degradation under subsequent load cycles.

However significant the recording of the response of full-scale siructures



239

can be, analysis of its outcome is not an easy undertaking: to mention

just two factors contributing to the difficulty, nonlinear behavior is infly
enced by interaction between structural responses ic several simultaneous
components of ground motion, and separation of the contributions of "struc
tural" and "architectural” elements to the mechanical properties of a sys
tem is practically impossible. Therefore, the role of the studies on the
seismic response of full-scale structures should be complementary to that
of model testing: the latter should produce criteria for defining the mechan
ical properties under discussion and the former should aim at calibration
of these criteria and at correlating structural response with consequences,
including human distress and economic loss.

Non- standard details

Stress paths and stress concentrations at joints between reinforced con-
crete structural members are complex and difficult to estimate at the
design stage, and so are the laws governing concrete behavior under such
patterns. In the abgence of factual evidence or simple criteria, design
of joints and special details is seldom based on more than intuition.
Limitations of such a practice remain often concealed for years until an
earthquake discloses them. In some instances negative consequences
stem from sheer negligence, while in others they can be ascribed to
ignorance, Not even such standard details as the interior beam cclumn
connection had been studied until a few years ago (3} and it was no small
surprige’ discovering all the precautions necessary for the design and
construction of sufficiently sirong and ductile unconfined knee-joints (4);
much more difficult are problems arising from the behavior of less
efficient and more complicated types of comnections (Fig. 3) whose use
will not be abolished, however iroublesome it is to structursl engineers,
as the exterior configuration of these connections is often essential to

the architectural project. Given that those details will remain in use,

we ought to try to understand their behavior and produce design recom-
mendations. Studies should include cyclic load tests at high stress levels
and finite elements analysis of stress distribution for first load application.

Small scale models

Detailed knowledge about materials behavior and capacity to produce ana-
lytical models of complex systems does not suffice to eliminate the need
for performing tests on physical models. Because costs of laboratory
tests grow very rapidly with specimen size, small scale models are
mandatory. Important conclusions concerning the static behavior of shear
wall systems have been obtained by tests on models to scales in the order
of 1:4 (35). For smaller scales, representativity of models is not per-
fectly understood, although some comparisons between the responges of
model =nd prototype under monoionous loading are encouraging (36). The
possibility of extending this optimism to alternating loads must await additional

studies.
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STRUCTURAL ANAILYSIS

Despite existence of exiremely prowerful computer programs for strue
tural analysis, designers ofien face lack of practical tools applicable to
some special structures, as well as adequate criteria for defining me-
chanical propertiies of members or degrees of fixity in their I[oundation.
Some of these problems are particular to the structural systems specific
to reinforced concrete, while othersg arise with other materials as well.

Foundation of shear walls and cores

Stifiness of shear walls and cores strongly depends on that of their foun
dations; the usual hypothesis that those elements are embedded on a
perfectly rigid base is acceptable when that base is a very stiff formation
or a group of piers or piles, but may furnigsh unacceptably high system
stiffnessess and unrealistic distributions of lateral forces among frames
and walls for some buildings resting on the soft clay formation in the
Valley of Mexico., Buildings not taller than gix to eight stories are
usually founded by partial compensation of their weight and those having
up to about 15 stories are founded on friction piles. A 'rigid" box
congtituted by an orthogonal gridwork of girders and upper and bottom
slabs provides control of differential setilements. Bases of shear walls
and cores are embedded on the girders; support flexibility depends on
the local foundation-box deformability and on its interaction with the soil.
Numerical tools required for the theoretical study of this problem are
available (5, 6); there is need only to explore the significance of the
problem for various ranges of the relevant parameters and to produce
practical rules applicable in design practice.

Seigmic settlements of structures founded on sgoft soil

Limitation of differential settlements constitutes a basic criterion for

the design of foundations on compressible soil. Although the matter is
seldom explicitly dealt with in quantitative terms, and although procedures
of structural analysis that account for the interaction between foundation
and soil are legs frequently applied for the estimation of differential
settlements under permanent loads, the latter are intuitively controlled
by adopting foundation depths and cross sections deemed to have shown
satisfactory performance under similar conditions; but differential set-
tlements produced by seismic forces and their influence on stress dis-
tribution throughout the system are usually not evaluated.

An even more difficult problem of analysis arises when overturning
moments are high enough to lead to a transient situation where compres
give stresses acting at the soil-foundation interface are overcome within
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part of the interface and the foundation acts as a cantilever subjected to
uplifting forces transmitted by the columns (Fig. 4).

In-plane deformability of floor diaphrams

Buildings having narrow or highly irregular plans and irregularly distribut
ed stiffnesses of lateral-force-resisting elements can pose special problems
of structural analysis: the in-plane deformability of floor diaphragms can
be of the same order as that of the vertical elements, and the usual hy-
pothesis that the diaphragms are infinitely ripid no longer holds. As a
consequence, shears acting on stiffer elements are lower than those pre-
dicted under the hypothesis mentionded, and the reverse is true for the
more flexible ones. Rough egtimates of the deviations in some particular
instances attest to their practical significance; however, no clear rules
have been furnished to designers concerning the ranges of variables within
which the effect can be discarded, and application of available computer
programs that idealize each diaphragm as an assemblage of finite elements
would entail inadmissible computer costs. An alternative method of anal-
ysis has been envisaged, based on defining the in-plane deformed configu
ration of each diaphragm by a small number of parameters; but the detail
ed formulation and implementation of the method are yet to maferialize,

Irregular building plans

Flat plate construction offers significant advantages for moderately tall
buildings in Mexico; especially important among them is the flexibility
that it permits in the lceation of colummns, which do not need to be align
ed aceording to two orthogonal sets of frames (Fig. 5). But this ap-
parent advantage has turned into drawback, as abuse of flexibility has led
to extremely irregular plans where concepts such as center strip and
column strip, ordinarily used as basis for defining the distribution of
bending moments, cease to exist. In the lack of simple methods of anal
ysis the mentioned distribution is ordinarily estimated on the basis of
very crude assurnpiions and at the expense of undersirable cracking.
Here again, availability of finite element computer programs capable of
handling these problems has not satisfied the designer's need of a
compromise solution befween crude assumptions and computer costs.

Analysis of ordinary beam-column systems where frames are contained
in oblique planes has received no better attention than the foregoing
problem.

DUCTILITY DEMAND

Use of ductile materials is no token for good seismic performance.
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Parallel to stiudies oriented to deiermining local and overall capacities
of structural details, members and systems to dissipate energy through
ductile hysteretic behavior, significant efforts must be devoted to under
standing the parameters that affect the distribution of ductility demands
throughout a structure and to develop prescriptions to account for those
demands in design practice.

Exiensive research has been conducted in the last few years, aiming at
estimating ductility demands of nonlinear structures. In nearly all
cases, systems studied have been intended to represent building frames,
either as assemblages of beams and columns or as shear systems (7-12)
individual memberg or sections are agsumed to behave in accordance
with bilinear hysteretic modelg. Results show that ags a rule local duc
tility demands are not uniform thr'oughdut . the building height, that their
distribution is influenced by those of stiffnesses and strengths, and that
sengitivity thereto is higher for shear systems than for beam-column
agsemblages. Other load deflection curves have been studied (13-16)
and their results used to assess the range of validity of ductility based
lateral force reduction criteria and to formulate special requirements
applicable to various iypes of load-deflection curves. For instance, the
latest Mexico City seismic design regulaiions (1) make ductility factorse
and hence seismic design coefficients— depend on the variability of actual
safety factors throughout the building height. This variability is usually
ageribed to some stories being stronger than specified, as a consequence
of architectural requirements or presence of non-structural elements.
For a ductility factor of 6 to be applicable, the requirement is imposed
that the minimum safety factor with respect to shear at any given story
not depart by more than 20 percent from the average of the correspond
ing safety factors in the other stories; a similar provision exists for
the duetility factor to he taken equal to 4, but with the 20 percent re-
striction released to 35. The influence of a large number of significant
variables is neglected, because of lack of systematic studies.

Structural iraming and ductility demands

There is no reason why the distribution of ductility demands found valid
for building frames that respond essentially as shear gystems should be
applicable to structures characterized by different types of stress paths.
An obvious example of the discrepancies to be expected is found in the
ductility demands at the ends of beams impinging on the edges of a
slender shear wall: owing to overall bending deformations of the wall,
beam end rotations and vertical deflections are negligible near the wall
bottom and increase subsfantially as one moves towards the top.
Accordingly, bending moments predicted by linear structural analysis at
the ends of the mentioned beams are negligible near the bottom and
inadmissibly high near the top. Not infrequently designers explicitly
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recognize the need for permitting the concentration of ductile deformations
at some spots, instead of trying to design for the internal siresses predict
ed by linear analysig; this practice entails substantial differences in ductiﬁty
dernands throughout the building height, over and above those to be expected
as a consequence of the inadequacy of linear methods of dynamic analysis
in the case at hand. In addition, there is practically no information about
ductility demands on the wall itself. The situation is no bhetter when one
talks ahout a number of usual structural systems, namely braced or {irusg
ed systems, chimney stacks and many others where overall bending defor
mations are significant. ‘

Force-deflection curves

Differences in global or local force-deflection curves usually stem from
differences in materials used, but can also result from differences in type
of framing. Design requirements of modern codes are largely based on
results of dynamic-response analysis of elasto-plastic systems. Not much
attention has been paid to studying the implications of other types of behav
ior on optimium design coefficients. Other pertinent load-deflection ideal-
izations are depicted in Fig. 6. Lateral strengths required for not ex-
ceeding given ductility demands in these systems are as a rule greater in
10 to 30 percent than those wvalid for the conventional elasto-plastic system
(13-18).

In the asymmetric elasto-plastic case, yield strength is different in each
direction of load application. This happens, instance,because gravity loads
increase or decrease the lateral capacity of the second story of the sys-
tem shown in Fig. 7, depending on whether the vertical reaction to force
Qg, transmitted to beam AB at O, is directed upwards or downwards.
Ref. 13 shows that ductility demands can be greater by about 50 percent
than those obtained for a conventional elagto-plastic system having a lateral
capacity equal to that of the weakest branch of the asymmetric one. These
increments have been explicitly accounted for at least in one design code
(17), by means of the factor (1 + 10r}/(5 + 61} (r equals the ratio between
larger and smaller lateral capaciiies of a given story in the direction of
analysis) to be applied to the lateral force coefficient.

Slip-type curves (Fig. 6) usually arise when lateral loads are carried by
elements such as slender cross braces or tie cables, which can only carry
tensile forces. Associated increments in ductility demands estimated with
the criterion of equal strain energy {18) have led to corrective factors

for the lateral force coefficient of up to 1.7. Further studies (19) have
shown that global ductility demands can be kept essentially equal to those
of the conventional reference system if 25 percent of the total lateral
capacity is provided by a system that responds elasto-plastically.
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Yielding elastic curves constitute close approximations to the behavior of
some prestressed concrete beams subjected to antisymmetric end moments;
these curves have very narrow hysteretic loops (15). Mexican regulations
call the attention to the problem, but do not provide expressions to cover
the resulting enhancement of response. :

Degrading curves (Fig. 6), are frequently found in systems where a sig-
nificant portion of the lateral capacity resides in brittle materials and
where no gpecial precautions have been taken to prevent excessive damage
in each cycle of load application. Such is the case, for instance, in poorly
detailed reinforced concrete frames. Differences in the influence of stiff-
negs degradation for reinforced concrete structures design and built under
different specifications are reflected in Mexico City's 1976 regulations:
ductility factors of 6 or 4 are specified depending on a number or conditions,
one of which is the adoption or not of a set of reinforcement details in-
gpired on those propoged by ACI as mandatory on structures to be built

in seigsmic areas; another is that the higher ductility factors cannot be
adopted for structures with shear walls, diaphragms or bracing members.
When there are elements of these latter types, use of ductility factors of

4 requires that the sirength of the frames themselves be at least 25 per-
cent of the total.

Slenderness effects

Unstable curves {Fig. 6) can result from the action of large vertical
loads on deformed structures. Influence of instability effects on ductility
demands and on safety against collapse can be more significant than that
aggociated with the features of the curves previously discussed, and is
usually controlled in design practice by the specification of amplification
factors for lateral deflections and internal forces that account for incre-
ments associated with second order effects. Mexican regulations propose
that story sways corresponding to design lateral forces and multiplied by
the ductility factor be amplified by the factor (W/h)/(R/Q - 1.2 W/h),
cbtained in Ref. 20, ag an approximation valid for frame systems subject
ed to static lateral loads; h is story height, R story stiffness, Q ductili
ty factor (hence, R/Q = equivalent story stiffness), and W is weight of
the porticn of building above the story considered. Dynamic responses
of a number of multistory elasto-plastic shear systems have been comput
ed using a step-by-step procedure for the two alternate assumptions of -
considering and neglecting slenderness effects; and for three accelerograms
recorded on soft soil in Mexico City. Ratios of story sways for these
two assumptions show that amplification factors can be in some cases
much larger than computed by the expression given above, particularly
for structures havihg natural pericds shorter than those corresponding

to the peaks of acceleration spectra (21). Such conclusions were obtaif
ed even for lateral stiffnesses significantly greater than the limits impli
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ed by the restrictions imposed on story drifts. The phenomenon is
probably, though, of little consequence as its effects seem to be cover
ed by the ordinates of the design spectrum, characterized by a flat -
constant-ordinate region for a wide range of periods shorter than that
corresponding to the spectral peak, It is believed that the problem
has not been sufficiently studied.

The question of residual displacements has to be looked at in the
framework of slenderness effects.

Ductility and base rocking

Soil-gtructure interaction can be represented approximately by a founda
tion mass supported on a set of linear springs and dampers. Overall
system deflections are the result of structural deformations and founda
tion displacements. Under strong earthquakes, structural members
develop as a rile a more pronounced degree of non linearity than the
foundation, and to a nominal value of overall system ductility demand
there corresponds a higher value for the structure. Soil-strueture
interaction increases a system's natural periods and damping, but often
the net result is the occurrence of large ductility demands than if the
soil were perfectly rigid. A preliminary study (22) shows that under
extreme conditions ductility demands can increase several fold, particu
larly at the top stories of tall buildings, which suggestis the preponder
ance of foundation rocking. The problem may have been overemphasiz
ed, however, because itall buildings will usually be founded on piles, and
rocking loses importance.

A preliminary draft of the present code called for a reduction to allow
able ductility values in terms of the ratio between contributions of
structural and foundation deformations to the top deilection., Its pro-
mulgation was deferred for need of response analyses and cost-benefit
studies.

Ductility and torsion

Observations about the seismic performance of some asymmetiic struc
tures suggest that excessive amplification of torsional oscillations may
result when nonlinear structural behavior gives place {o eccentricities
that grow with response level {23), The influence of this property on
ductility demands has been studied using step-by-step analysis of several
multistory asymmetric shear buildings (24). Lateral stiffness and
strength were provided by pairs of shear diaphragms located at the
building ends and oriented in the direction paraliel to ground motion.
Buildings were symmetrical as regards mass distribution, but not with
respect to stiffnesses. The diaphragms were designed according to
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the results of modal ansalysis for the specirsl ordinates corresponding to
a2 number of accelerograms and given ductility levels. Load factors were
taken as unity. Then the stiffer diaphragm was redesigned for a higher
load factor, aiming at producing a structure with the property mentioned
above, and the dynamic responses for the original and the modified sys-
tems were computed. Contrary to expectations, no increase in the
ductility demand ‘in the gofter diaphragm resulted from overdesigning

the stiffer one; this may be due to increased capacity for direct shear.

Response to two-dimensional excifation

Interaction between stresses and strains produced by two orthogonal
components of ground motion gives place to interaction between the
available ductilities of frames parallel to these components. When duc
tility develops essentially in the girders, as expected when design
follows the strong-column-weszk-girder concept (10}, interaction takes
place only at the bottom of ground-floor columns; neither its influence
on the laws governing the distribution of ductility demands in complex
gsystems nor its gignificance in design have been assessed.

Response of nonlinear structures on soft soil

Practicglly all research concerning the computed seismic response of
nonlinear systems has used accelerograms obtained on firm soil or
simulated records inferred from them. Relations between the responses
of linear and nonlinear systems are doubtless sensitive to variables such
as shock duration and frequency content. Adequate relations should be
established for a wide range of ground conditions.

SYSTEMS FOR SHOCK ISOLATION AND ENERGY ABSORPTION

Research and practice in earthquake engineering have been mainly ori
ented to the detailed study of conventional solutions. They have con-
centrated on devising procedures for the prediction of structural re-

gpense and on providing the cross sections and reinforcement patterns
required for strength and ductility; innovation has been nearly non-ex
istent. -

The idea of isolating structures from the ground motion can be traced
back to the flexible first story concept (25), which never became prac
tical, on account of the problems posed by slenderness effects. The
idea has been revived in the last few yvears (28,27), and a variety of
systems have been proposed capable of deforming laterally without
taking significant loads and without the risk of instability failure: such
are, for instance, roller bearings (28), hanging supports (29) and pads



built with very flexible materiales (30}. Absolute isolation is not desir
able becauge relative displacement between building and foundation would
be excessive and because of the need to resist wind loads. Use of ad-
ditional elements has been suggested, acting in parallel with the motion
isolators and capable of providing hysteretic damping and gmall lateral
strengths (31). Numerical studies of structural response have been
conducted (32, 837) and preliminary designs of particular systems obtain
ed aiming at studying costs and benefits (32), Initial cost must be -
compared with the savings from reductions in strength requirements
for the structures and with the long ferm advantages of improved seis
mic performance.

Only one case is known to the author where a system of the type just
described has reached the construction stage: it is a three-story school
building whose column footings rest on beds of steel balls. Inmediate
research programs foresee placement of strong motion instruments in
this building and its foundation, as well as shaking-table tests on models
of wvarious types of shock isolators.

Use of removable devices intended to dissipate energy at the expense
of damage has been advocated, but seldom implemented, probably for
lack of data concerning their behavior.

DESIGN OPTIMIZATION

Engineering design is rooted on society's need to optimize. It implies
considering alternate lines of action, assessing their consequences and
making the best choice. In earthquake engineering, every alternate
line of action includes adoption of both a siructural system and a seis
mic degign criterion, while asgessing its consequences requires esti-
mating structural response and hence the expected cost of damage.

The choice is baged on a comparigson of initial, maintenance and repair
costis for the various alternatives. This implies the prediction of prob
shility distributions of costs of damage in structural and nonstructural
members for given intensities.

Structural safety

Nominal values of design variables, safety factors and implicit safety
levels have been traditionally established by trial and error and engineer
ing judgement. The theory of structural reliability has provided the
framework for recent attempts to attain consistency among those rulesg
and to extrapolate them to more general conditiong. Simplified formu
lations derived from the basic concepts have led to design criteria
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which approach congistency while not departing from the simplicity requir
ed by practical applications, Nominal values of design variables are
chosen so that the probability that each variable will adopt a more unfa-
vorable value does not exceed a certain limit, which igs related to the
overall probability of failure for the complete system. Relations between
member and system safety depend on the types of potential failure modes
and on the probability distributions of the mechanical and geometrical
properties involved, including spatial correlations among them. While a
reasonable stock of information is available concerning the distributions
of individual variables, little is known about their correlation. - This lack
of information can be ascribed to the fact ithat it has never been asked
for, as little effort has been spent on research on sysiem safety.

Design criteria for the revision of safety conditions are usually stated in
terms of the ratio of structural capacity to internal load at each individual
critical section. The effect under study must hence be accounted for by
making required safety factors vary with the number of critical sections
involved in a failure mode. This is the basis for the prescription in the
1976 Mexico City code (1) stating that the generalized force acting on
every shear wall or column that takes up more than 20 percent of the
story generalized force (shear, torgue or overturning moment} be in-
creased 20 percent; or by the prescription concerning non redundant sys
tems in ATC recommendations (33) stating that when a building system
is designed or constructed so that the failure of a single member, con-
nection or component would endanger the stability of the building, that
member, connection or component should be provided with a strength at
least 50 percent greater than required otherwise. Discrepancies be-
tween the two criteria described are sufficiently important to justify a
detailed study of the problem. An obvious weakness of both is that they
ignore the influence of member size {(i.e. a column vs a shear wall) in
the uncertainty associated with its strength.

Cost-benefit studies

Relations between structural response, damage and repair cost find ap-
plications in determining expected costs of damage for given intensities.
The latter information is of use in formulating seismic design decisions
and in estimating expected costs per unit time, for insurance purposes.
Formal application of cost-benefit studies to decision making in earthquake
engineering ig often hindered by problems that arise in evaluating ma-
terial losses given structural response or in the expression of dif-
ferent types of failure consequences in the same unit or, more spec-
ifically, in assigning monetary values to concepts such as panic,
loss or prestige, or injury and death. In spite of these dif-
ficulties, qualitative conclusions can be derived from informal compari-
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sons of initial investments and expected performance. Progress in thig
area is desirable, as the influence of these criteria on initial and deferr.
ed costs can be quite significant. Future resgearch should cover the def_-i:
nition of failure consequences and calibration of the results of theoretical
cost-benefit models with those of infuitive, informal optimization,

CONCLUDING REMARKS

Modern reinforced concrete buildings must be designed for earthquakes
according to criteria that account for nonlinear behavior and ductility
demands. Available ductility is very sensitive to reinforcement details
and to ratios of safety factors with respect to different failure modes.
Needed research encompasgses a variety of fields, such as determination
of stress — gtrain laws for siructural assemblages under alternating cycles
of severe loading, study of nonlinear response of systems with different
stregs — strain laws, influence of soil-structure interaction, torsgional-
oscillations and slenderness effects on the mentioned responge, devel-
opment of systems for shock isclation and energy absorption, and basic
studies on structural safety and design optimization.
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ACCOMPLISHMENTS AND RESEARCH AND DEVELOPMENT
NEEDS IN NEW ZEALAND

by

R. Park
Professor of Civil Engineering
University of Canterbury

i INTRODUCTION

New Zealand is situated in part of the seismically ac¢tive circum~
Pacific belt. The early settlers, coming from non-earthgquake countries,
introduced few measures for earthguake resistance in their buildings. Hewever,
the Napier earthguake of 1931 caused the collapse of many masonry bulldings
and was responsible for the loss of some 256 lives. This event resulted in a
shift in emphasis of building type frem load bearing masonry to framed
buildings. Codes for earthquake resistant design in New Zealand have
gradually evolved since the Napier earthgquake. During the last decade,
particularly, much attention has been given to earthguake engineering, and
seismic provisions now dominate most design procedures in New Zealand. The
Standards Association of New Zealand has the responsibility for the issue of
design codes.

The New Zealand Society for Earthguake Engineering was formed in 1968.
Since 1974 it has been the New Zealand National Society for Earthguake
Engineering. The aim of the Society is the advancement of the science and
practice of earthquake engineering. Engineers, scientists, architects,
contractors, and all who have an interest in earthguakes and thelr effects,
are eligible for memberszhip. The Society publishes a guarterly Bullstin
containing a wide range of papers on earthquake engineering, and has organised
conferences on earthguake engineering which have been of great value to the
profession in New Zealand and neighbeouring countries.

A good deal of research has been conducted in New Zealand into aspects
of earthguake resistant design. Most of the experimental research has been
conductad at the laboratories of the University of Cahterbury, University of
auckland, the Ministry of Woxks and Development, and the Department of Scien-
tific and Industrial Research. The analytical research has been conducted
by those organizations along with major consulting engineering firms. Most
of this research has involved reinforced concrete structures, because rein-
forced concrete is the most used building material in New Zealand mainly for
reasons of economy and availability of local materials.

This paper reviews the current situation regarding codes for the seismic
design of concrete structures in New Zealand, and discusses aspects of
research and development which have been conducted in this country during
recent yvears. Areas of difficulty where further research iz required are
emphasized.
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CODES FOR THE DESIGN OF EARTHQUAKE RESISTANT
CONCRETE BUILDINGS IN NEW ZEALAND

Code for General Structural Design and Design Loadings for Buildings

The current New Zealand code covering general requirements for structural
design and design loadings for buildings, NZS5 4203 [1] was published in 1976.
This Code allows design by the "strength method” or by the "working stress
method” . The working stress method is referred to as the "alternative
method”" in the Code to emphasize that the strength method is to be preferred.

For the strength methed the load facters have been derived from ACT 318-
71 [2]. The design leads U involving combinations of service dead load D,
reduced service live load I, and earthquake load E , should not be less
than which ever of the folloWwing combinations gives the greatest effect:

U = 1.4D + 1.7LR (1)
U = 1,0D + 1.3LR + E (2)
U = 0.9 + E (3)

The reduced service live load L is found by multiplying the service
live load by a reduction factor which depends on the use of the building and
the tributary area of floor or roof supported by the structural member. In
equivalent static force analysis the total horizontal seismic force V on
the building is given by:

v o= cm, (4)

where W is the total reduced gravity load equal to service dead lead plus a
proportion of the service live load {(typically one-third of the service live
load), and

¢, = CISMR (5}
where C is the basic seismic coefficient which varies between ¢.15 and 90.05,
depending on the seismic zone (there are three seismic zones in New Zealand),
the period of the structure, and the subsoil condition; I is an importance
factor which varies between 1.6 and 1.0, depending on how essential it is that
the building should be functional after a seismic disaster; 5 is a structural
type factor equal to 0.8 for ductile frames with an adequate number of
possible beam plastic hinges and ductile coupled shear walls, and having a
higher value for less ductile structural types; M is a material factor equal
to 1.0 for reinforced concrete and 1.2 for prestressed concrete; and R is a
risk factor equal to 1.0, unless the building accommodates large numbers of
people or contains high risk chemicals or other materials when a greater value
is used. TFor buildings with equal floor loads the distribution of V up the
height of the structure is triangular with the greatest horizental load at the
top, except that for buildings with a height to width ratio greater than 3,
0.1v is considered concentrated at the top storey and the remaining 0.9V
is distributed up the height. To provide for shear resulting from torsional
moticns the applied horizontal force at each level is applied eccentrically
with respect to the centre of rigidity at that level. Two equations for the
eccentricity of the horizontal load are given, each a function of the
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horizental dimension of the building and the distance froem the centre of
rigidity to the centre of mass, and the most unfavourable condition is used.

By way of general seismic design principles the Code requires that
buildings should be designed to be capable of dissipating significant amounts
of enerqgy inelastically under earthquake attack. Buildings designed for
ductile flexural yielding should be the subject of "capacity design™ and
should have "adeguate ductility". In the "capacity design" of earthquake
resistant structures "energy dissipating elements or mechanisms are chosen
and suitably designed and detailed, and all other structural elements are
then provided with sufficient reserve strength capacity to ensure that the
chosen energy dissipating mechanisms are maintained throughout the deformations
that may occur.” An approximate criterion for “adequate ductility™ given in
the commentary of the Code ig that "the building as a whole should be capable
of deflecting laterally in at least eight load reversals so that the total
horizontal deflection at the top of the main pertion of the building under the
loading of Egs, 2 and 3, calculated on the assumption of apprepriate plastic
hinges, is at least four times that at first yield without the horizontal load
carrying capacity of the building being reduced by more than 20%. The
horizontal deflection at the top of the building at first yield should be
taken as that when yield first occurs in any main structural elements or that
at the earthquake load E calculated on the assumption of elastic behaviour,
whichever is the greater.®

The Code recognizes that it is reasonable to design the beams of two-way
frame systems for seismic loading considered separately along each of the two
principal axes of the structure. However it requires that columns or walls,
including their foundations and joints, which are part of a two-way system
should be designed for the concurrent effects resulting from a general
direction of seismic loading which causes the simultaneous yielding of all
beams framing into the column or wall in the two directions.

Ductile frames, according to the Code, should be capable of dissipating
seismic energy in a flexural mode at a significant number of plastic hinges
in the beams, except that energy dissipation by column plastic hinge
mechanisms is pexrmitted in single or two-storey structures and in the top
storey of multistorey structures. Apart from those specific cases, columns
should be designed to have adequate overcapacity to avoid column hinge
mechanisms, taking into account possible distributions of column mements
which may be different from that derived from elastic analysis, and colurn
loads appropriate to the simultaneous formation of plastic hinges in beams
in several storeys.

Ductile coupled shear walls, accorxding to the Code, should be designed so
that the coupling beams yield before the walls, and the coupling beams should
be detailed so as to be capable of dissipating significant seismic energy.
only when the yield capacity of the coupling beams, associated with the major
portion of the overturning moment on the structure, is exhausted should the
wall elements yield. Ductile cantilever shear walls should be designed to
ensure that energy dissipation is by flexural yielding and that the wall will
not faill prematurely in a non-ductile manner.
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Code for Reinforced Concrete Design

The current New Zealand code for reinforced concrete design, NZs 3101p
{31, was published in 1970. This Code is based mainly on ACI 318-63 [4].
For ductility provisions for seismic design reference is made in the Code to
the 1968 SEAOC recommendations [5] with some additional reguirements concern-—
ing the anchorage of beam bars in external columns, igneoring the shear force
carried by the concrete in potential plastic hinge zones, and a number of
other factors. This New Zealand Code is now significantly out of date and
it has been the practice of designers in New Zealand in recent years to use
ACI 318-71 (2] with its Appendix A for seismic provisions or a more recent
issue of the SEAOC recommendations.

At the present time the New Zealand concrete design cede is being revised.
The new code will be based mainly on the 1977 version of ACI 318, with
additional seismic provisions based on recent research and experience in New
Zealand and elsewhere. The revised form of the New Zealand cencrete design
code should be ready for circulation for cemiment in New Zealand in late 1977.
The background to these seismic design provisions will be discussed later in
this paper.

Code for Prestressed Concrete Design

The current New Zealand code for prestressed concrete design, N2ZSR 32 {6},
was published in 1968. This Code is also based mainly on ACI 318-63 [4] and
contains no recommendations for seismic design. The Code is being revised at
present. The prestressed concrete provisions will be placed in the same code
as those for reinforced concrete and will also be ready for circulation for
comment in New Zealand in late 1977.

SOME COMMBNTS ON GENERAL RESEARCH AND DEVELOPMENT IN NEW ZEALAND
INTO THE SEISMIC RESISTANCE OF STRUCTURAL CONCRETE

Much research into the seismic resistance of structural concrete has heen
conducted in New Zealand in recent years, mainly in the laboratoxies of the
University of Canterbury, University of Auckland, the Ministry of Works and
Development, and the Department of Scientific and Industrial Research. The
experimental work has involved properties of steel and concrete under seismic
type loading; shaking table tests on model structures; pseudo-static leoad tests
on reinforced concrete model frames and shear walls, beam-column subassemblages
slab=column subassemblages and slab=wall subassemblages; and pseudo—static load
tests on prestressed concrete beam-column subassemblages. The experimental
work has been accompanied by analytical studies involving dynamic response of
various structural systems to severe seismic ground motions, and theoretical
studies of moment-curvature behaviour and strength and deformation charac-
teristics of the range of structures considered. Most of this work has been
reported in the literature and that dealing with reinforced concrete is sum-
marized in a recent book [7]. The outcome of the recent work will be dis-
cussed in the following sections of this paper.

An activity which has been of great value during 1976 and 1977 has been
a series of meetings organized by the New Zealand National Society for
Earthquake Engineering. 7The Society is intending to hold a series of Seismic
Design Workshops for structural designers in New Zealand to mazke them nore
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familiar with the new ILoadings Code [1] and with recent developments in
seismic design procedures for reinforced cenerete. In the flrst instance the
Workshops will concentrate on reinforced concrete framed structures. It was
realized however that there are many "grey areas" where there are almost as
many views as there are designers ; for example, capacity design procedures,
beam-~column joint design, design of plastic hinge regions, protection of
columns, anchorage of bars, etc. Therefore the first step taken was to
organize a series of meetings of a Preworkshop Discussion Group made up of a
number of structural engineers from consulting organizations, the Ministry

of Works and Development and the Universities to attempt to obtain a

consensus view on the range of issues. This Group has now had four meetings
of one or two day duration and has achieved a remarkable degree of agreement
on most issues. Rackground papers in the form of design recommendations and
commentary were written by individuals and these papers were discussed and
modified at the meetings until agreement was reached. The topic areas of
these papers are: general analysis of frames [8], torsion of frames [9],
design for beam flexure [10], evaluation of column actions [11], design for
column flexure and axial load [12], design for shear on beams and columns
[13], design of beam-column joint cores [14], and parts and secendary elements
[15]. It is expected that the papers in these areas will be published in the
June and September 1977 issues of the Bulletin of the New Zealand National
Society for Earthquake Engineering. The papers will be under the authorship
of individuals but they represent the consensus view of the Group. Two
further topies, foundations and low ductility frames, will be the subject of
further meetings of the Group. The results of this series of meetings of

the Preworkshop Discussion Group has been invaluable toe the Concrete Design
Committee of the Standards Association of ¥Wew Zealand which has been preparing
the new concrete design code. Some of the design recommendations arising
from the Group discussions are outlined later in this paper.

DESTGN CRITERIA FOR DUCTILITY DEMAND
General

The designer who thinks fundamentally will have difficulty in deciding
the level of ductility necessary at critical sections of the members of
earthquake resistant structures designed to code loading. Codes have been
vague on this point and definitions of "duectility factor® have been various
and confusing. Nonlinear dynamic analyses of code-designed structures
responding to typical severe earthquake motions have given an indication of
the order of postelastic deformations required,but the number of variables
is so great that no more than qualitative statements can be made at present.
Computer programs capable of nonlinear dynamic analyses of reinforced
concrete framed structures have been developed in New Zealand, for example
[16,17,18,19]. Computer programs for the nonlinear dynamic analysis of
structures invelving shear walls have recently been developed, for example
Taylor [201. Valuable studies have been conducted using these programs.
For prestressed concrete only single degree of freedom systems have been
analysed in New 2Zealand [21,22,23], but such studies using hysteresis
loop shapes which model the load-deflection behaviocur of prestressed and
reinforced concrete systems have shown that a prestressed concrete system
when responding to a severe earthquake will be subjected to a maximum
displacement of about 30% more than that of a reinforced concrete system
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with the same strength, initial period of vibration and viscous damping
ratio. such studies have resulted in the Loadings Code [1] allecating a
material factor M = 1.2 to prestressed concrete, compared with M = 1.0 for
reinforced concrete, when determining the seismic coefficient. The Loadings
Code [1] indicates that a displacement ductility factor in the order of ¢ is
required of ductile earthguake resistant structures and the detailed
provisions for section design,in order to achieve this displacement ductility
factor,are left to the Concrete Design Code.

Confusion has existed in the minds of some designers regarding the
definition of ductility factor, since it can be expressed in texms of
displacements, rotations or curvatures. The displacement ductility factor
=47 /A ,where A& = maximum lateral deflection and & = lateral deflection at
firs¥ y¥eld, is Fhe value commonly determined in nonlinear dynamic analyses.
some dynamic analyses have determined the rotational ductility factor of
mewbers € /6 ,where U = maximum rotation of end of member and € = rotation
at end ofume%ber at ffrst yield. The information needed by the gesigner
concerns the required member section behaviour expressed by the curvature
ductility factor ¢ /¢ , where ¢ = maximum curvature at the section and ¢_ =
curvature at the sbction at firSt yield. Thus the required ¢ /¢ value if a
far more meaningful index for ductility demand than the otherupogsibilities.
It needs to be recognized that there can be a significant difference between
the magnitudes of the displacement, rotational and curvature ductility
factors, This is because once yielding has commenced in a gtructure the
deformations concentrate at the plastic hinge positions and further
displacement occcurs mainly by retation of the plastic hinges. Thus the
required ¢u/¢y ratic will be greater than the Au/Ay ratio [73.

when caleulating ductility factors the definition of first yield
deformation (displacement, rotation or curvature) often causes difficulty when
the lcad cor moment-deformation curve is not elastoplastic. This may occur for
example due to plastic hinges not forming simultanecusly in members, or to
longitudinal bars in reinforced concrete members at different depths in the
section yielding at different load levels. In such a case it is suggested
that the "first yield" displacement be taken as the displacement- calculated
for the structure assuming elastic behaviour up to the strength of the
structure in the first load application to yield, as illustrated in Fig. 1.
A similar definition can be adopted for first yield rotation and curvature. Suc)
Such a definition for first yield allows comparison of the effects of
different loop shapes with the same initial stiffness and strength on the
ductility demand.

Load

Fig. 1 Possible Definition for
"First Yield" Displacement
When Load-Displacement
Relationship is Curved.
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It is evident that the sequence of plastic hinge development in
structures will influence the curvature ductility demand. WNonlinear dynamic
analyses have indicated that ductility demand concentrates in the weak parts
of structures and that the curvature ductility demand there may be several
times greater than for well proportioned structures. This can also be
illustrated by examination of static collapse mechanisms. Fig. 2 shows a
frame and shear walls which can be used for seismic resistance. Possible

I
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J hinge I

el .

Frame Cotumn sidesway Beam sidesway
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—
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Cantitever shear wail Coupled shear walls and
and mechanism mechanism

Fig. 2 Building Structures Under Seismic Loading and
Possible Mechanisms.

mechanisms which could form due to flexural yielding and formation of plastic
hinges are also shown in the figure. If yielding commences in the columns of
a frame before the beams,a column sidesway mechanism can form. In the worst
case the plastic hinges may form in the columns of only one storey, since the
columns of the other storeys are stronger. such a mechanism can make very
large curvature ductility demands on the plastic hinges of the critical
storey [7], particularly for tall buildings. ©n the other hand if yielding
commences in the beams before in the columns a beam sidegway mechanism, as
illustrated in Fig., 2, will develep [7], which makes more moderate demands on
the curvature ductility required at the plastic hinges in the beams and at
the column bases., Therefore a beam sidesway mechanism is the preferred mode
of inelastic deformation, particularly since the straightening and repair of
columns is difficult. Hence for frames a strong column - weak beam approach
is advocated to ensure beam hinging. In the actual dynaiic situation higher
modes of vibration influence the moment pattern and it has been found [18]
that plastic hinges in the beams move up the frame in waves invoelving a few
storeys at a time. For cantilever shear walls the static collapse mechanism
involves a plastic hinge at the base and the curvature ductility demand for
a given displacement ductility factor depends very much on the plastic

hinge length as a proportion of the wall height. For coupled shear walls the
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mechanism shown in Fig. 2 can occur [7] and ideally the beams should yield
before the wall bases to enable easier repair. The static collapse
mechanisms of Fig. 2 are idealized in that they involve behaviour under code
type static loading. The actual dynamic situation is different, due mainly
to the effects of higher modes of vibration, but nevertheless considerations
such as in Fig. 2 give the designer a reasonable feel for the situation.

Raequired Agreement and Further Research

It is apparent that agreement needs to be reached on the various
definitions of ductility factor to avoid the looseness of definitien which
exists at present. it is also evident that many more nonlinear dynamic
analyses need to be conducted on a range of building types using a variety of
strong motion records to ascertain the likely curvature ductility demand on
the critical sections to allow the designer to anticipate ductility require-
ments with more confidence.

LOADING CRITERIA IN FPSEUDO-STATIC LOAD TESTS
General

A great deal of valuable information on the effects of severe earthquakes
has been cbtained from tests on structural subassemblages in the laboratory using
vycles of pseudo-static loading. Structural subassemblages rather than complete
structures have normally been tested due to difficulties with size. Fig. 3
shows a test specimen representing a beam-cclumn joint of a frame. The

al
Test - {r
gec;men H 4, ﬁJP jy
pa— P — * i
L t
-—
L f ignores
} PA efrect
b " Atternative test
loading

Part of frame

Fig. 3 Beam-Column Joint Test Specimen and Load Application

members extend approximately to the points of contraflexure. It is impossible
in such tests to simulate accurately all aspects of loading and ductility
demand of the actual more complex structure. However if the loading sequence
is severe enough, and if the strength, stiffness and energy dissipation of the
test specimen are found to be acceptable, satisfactory performance of the
actual structure can be confidently expected. 1In the past a variety of
loading seguences and acceptance criteria have been used by various research
laboratotries throughout the world, making the comparison of results difficult
and resulting in different conclusions from tests being reached,

wo loading criteria which have been used in New Zealand laboratories in
pseudo-static load tests are shown in Figs. 4 and 5. The displacement
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ductility factor is calculated using the first yield displacement for the first
inelastic load run defined as in Fig. 1. The simple loading criterion shown in
Fig. 4 involves initial loading runs in the elastic range to establish the
initial elastic stiffness and then four loading runs in each direction to
displacement ductility factors of 4. This criterion follews that recommended
in the New Zealand Loadings Code [1]. The more complex loading criterion
shown in Fig. 5 involves more elastic loading runs to observe stiffness changes
between the cycles of imposed inelastic deformations, and cycles of imposed
inelastic deformation with gradually increasing displacement ducﬁﬁllty factor.
It is suggested that the loading criterion shown in Fig. S5 be ad¥ptediisince it
allows cbservation of behaviour at various levels of imposed ductili$y during
the test. A simple acceptance criterion ig that the seismic load carrying
capacity should not reduce by more than 20% during the test [1],

Required Agreement and Further Research

The chosen magnitude of the imposed displacement ductility factor, the
number of cycles of loading, and the centre of oscillation of the deflections,
are debatable issues which can only be answered in detail by those who have
conducted extensive nonlinear dynamic analyses. However there is no doubt
that agreement needs to be reached on a standard loading criterion for pseudo-
static load tests so that test results can be compared on a consistent basis.
Also.agreement needs to be reached on an acceptance criterion for structural

behaviour.

RESEARCH INTO MATERIAL BEHAVIOUR

Steel and Concrete

The response of structural concrete to seismic leading depends very
greatly on the stress-strain characteristics of steel and concrete. Cyclic
load tests have been conducted in New Zealand on typical samples of reinforc-
ing bar and prestressing wire [24,25,23,21,26] and idealizatiens proposed to
model the stress-strain curves. The idealizations have used mainly the
Ramberg~Osgood equation with empirical values for the constants in the
eguation .
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Available experimental data for the monotonic stress-strain
characteristics of concrete confined by rectangular hoops or by circular
spirals has been examined and idealizations proposed for the stress-strain
curves of concrete so confined [24,27,40]. The idealized monotonic curve has
been assumed to act as the envelope curve for cyclic loading. Idealizations
for the hysteresis loops within the envelope curve have also been proposed
for cyclic loading [24,28,268]. However the experimental evidence is limited
mainly to concrete specimens containing simple square hoops or circular
spirals. There has been very little testing of concrete confined by the
more complex arrangements of transverse reinforcement typical of columns in
practice.

Such material research is fundamental to work on strength, ductility and
seismic response. The strength and ductility of a structure depends on the
actual stress-strain characteristics of the materials. The seismic response
of well detailed structures depends on the moment-curvature characteristics
of the critical sections,which can be determined from the material
properties [28,26,23].

Required Further Research

More testing is required to clearly define the full stress-strain
relationships for the various grades of steel in use in New Zealand and over=-
gseas so as to give statistical information on actual yield strengths, strain
hardening characteristics, and cyclic loading behavieur. Also, more
experimental work is required on confined concrete specimens, particularly
with wvarious arrangements of overlapping rectangular hoops, rectangqular hoops
with supplementary cross ties, and circular spirals, to establish with better
accuracy the empirical parameters which define the monotonic and cyclic
stress~strain characteristics.

BEAMS IN FPRAMES
General Aim
Research into the behaviour of beams under seismic type loading in New
Zealand, and recommendations for the design of beams, have aimed at producing
detailing procedures which will result in ductile flexural behaviour at
potential plastic hinge regions and will prevent other non-ductile types of

failure which lead to strength and stiffness degradation.

Longitudinal Steel Content in Reinforced Concrete Beams

The seismic provisions of ACT 318-71 [2] require that the tension steel
ratio should not exceed 0.5 of that producing balanced flexural failure, and
that at column faces the positive moment capacity of beams should be at least
0.5 of the negative moment capacity. It can be shown that this will ensure
an available curvature ductility factor ¢ /¢ of at least 6 for an extreme
fibre maximum concrete strain of 0.004 [7]. Hence if the curvature
ductility factor demand is 2 or 3 times this value, as is likely in a severe
earthquake, the concrete needs to be confined effectively by closely spaced
stirrup. ties to prevent crushing of the core concrete at high strains,and
damage to the cover concrete must be expected. It would seem preferable to
use lower tension steel contents than the limiting value allowed by ACI 318-71.
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For example, if the compression steel ratio p' ig 0.5 of the tension steel
ratio p, in New Zealand it is recommended [10] that 0 & 0.016 when fé = 3,600
psi (25 MPa) and p § 0.022 when fé= 5,800 psi (40 Mpa), with linear inter-
polation between for other concréte strengths. When p'/p > 0.5, higher p
values than above can be used. These limits are given by Fformulae [10] based
on analytical results [7].

Longitudinal Steel Content in Prestressed Concrete Beams

For prestressed concrete beams few codes give guidance for seismic design
but recently the New Zealand Prestressed Concrete Institute has published
recommendations [29] based mainly on work conducted at the University of
Canterbury [21,30,23]. This research has shown that properly detailed
prestressed concrete members will give satisfactory seismiec regsistance,
although the lower hysteretic energy dissipation of a prestressed concrete
member compared with a reinforced member of the same strength and initial
stiffness will generally lead to a greater deformation response of the
prestressed concrete member to a severe earthquake. Good confinement of
concrete and a small neutral axis depth are the most important requirements
for adequate curvature ductility. It is recomrended that a/ii should not
exceed 0.2 in beams unless the very heavy confining steel typical of plastic
hinge regions of columns is present, where a is the depth of the compressive
rectangular stress block and h 1is the overall depth of the member. The
presence of nonprestressed reinforcement in plastic hinge regions also
effectively assists the ductility when acting as compression reinforcement
and improves the hysteretic energy dissipation of the plastic hinge by
"fattening" the hysteresis loops [23]. It is best to control curvature
ductility in prestressed concrete beams by specifying a limiting neutral axis
depth rather than a limiting steel content,because arrangements of tendons
down the depth are often used and all the prestressing steel in the section
is in tension but at different stress levels. Specifying a limiting a/h ratio
gives a consistent value for the available ultimate curvature.

Concrete Confinement and longitudinal Steel Support in Plaztic Hinge Regions

The potential plastic hinge regions in beams are taken as the end 2h of
the member, and if the critical section occurs away from the column face over
a length 2h straddling the critical section, whexe h is the overall depth of
the section. The spacing of stirrup ties in such regions of reinforced and
prestressed concrete beams should not ‘exceed 4 in {100 mm) or cne-quarter of
the effective depth of the beam {where the effective depth need not exceed
0.8h in the case of prestressed concrete beams) in order to ensure effective
concrete confinement [31,23,49,50].

In reinforced concrete beams,with cyclic flexure to yield applied in
each direction,a full depth crack may exist down the full depth of the section
for much of the loading range due to residual plastic tensile strains in the
steel (see Fig. 6). Alsoc, the reinforcing bars may yield alternatively in
tension and compression resulting in a lowering of the tangent modulus of the
steel owing to the Bauschinger effect. This could lead to buckling of
reinforcing bars in compression at lower load levelg than expected. It is
recommended therefore [7] that to prevent bar buckling in plastic hinge zones
the spacing of stirrup tiles surrounding the compression steel should not
exceed six compression steel bar diameters, a spacing which is much smaller
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than recommended in most
current codes. This
requirement also applies
to stirrup ties around
nonprestressed longitudinal
bars in partially
prestressed cohcrete beams.
Also the tie force at
yield provided by the
stirrup tie should be at
ldast one-sixteenth of the
yield force of the
longitudinal bar or bars
it is to laterally
restrain when spaced at

4 in (100 mm) centres.

Piqure 7 shows the plastic hinge region of a reinforeced concrete beam
adjacent to a column face after the beam had been subjected to cyclic flexure
well into the inelastic range [24]. The beam was of width 4.9 in {125 mm) and
of effective depth 6.6 in {168 mm), and contained No., 4 (12.7 mm dia.)
longitudinal steel bars as shown in the top and No. 2 (6.4 mm dia.} stirrup

ties at 4 in (102 mm) centres (which is 0.614).

The compressed concrete isg

obviously inadequately confined, considering the depth of the beam, and the

bars have buckled in compression.

Had the stirrup ties been placed at

Fig. 7 Plastic Hinge Region of a Reinforced Concrete Beam After Cyclic

Flexure in the Inelastic Range [24]

a/4 =
would have been more adequate.

1.6 in {41 mm) centres, as is recommendegd above, the concrete confinement
A 4 in (102 mm) spacing is more reasonable for

large members where penetration of crushing between stiyrup ties does not

reduce the effective depth of concrete so significantly.

The recommended

spacing of not greater than six longitudinal bar diameters for stirrup ties to
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prevent bar buckling is 3 in (76 mm) for this beam and it is evident that the
4 in (102 mm) spacing actually provided was too great to prevent buckling,

Redistribution of Bending Moments Found from Elastic Frame Analysis

Since the plastic hinge regions are detailed for ductile behaviour it is
also considered that in beams up to 30% redistribution of the absolute
maximum moment derived for any of the load combinations is appropriate,
provided the other moments are modified to satisfy the requirements of
statics.

Shear Strength

The deterioration of the concrete due to the opening and closing of
cracks in plastic hinge zones with eyclic bending moment decreases the
concrete shear resisting mechanisms (aggregate interlock, dowel action and
across the compression zone) [7]. In such regions only truss action of the
stirrups should be relied on to carry shear, and where the shear force is
high the full depth cracks should preferably be crossed by diagonal reinforce-
ment. BExamination of available test results for beams with cyclic flexure
has indicated that where the cyclic shear force at the plastic hinge zone is
such that the nominal stress there exceeds 3vF' psi (0.25/F' MPa) a reduction
in stiffness may occur in each load cycle due go shear and gailure may be
initiated by shear. The shear failure can occur by sliding along a full
depth vertical crack in the plastic hinge zone. Thus it is recommended that
the maximum nominal shear stregss should not exceed 3/F' psi (0.25/! MPa) in
each direction unless diagonal reinforcement exists in the web tc c¢¥oss the
critical vertical cracks, Where the high shear force cccurs in one
direction only, the limiting nominal shear stress at which diagonal
reinforcement is required can be increased.

In order to avoid shear failure the design shear forxce used needs to be
calculated on the basis of the design gravity loads on the members and the
likely overstrength moment capacity of the plastic hinges at the ends of the
members. The plastic hinge moment capacities are calculated using a
realigtic steel strength, bearing in mind the likely excess of the actual
strength over the specified value. For reinforced concrete it iz likely that
the actual yield strength will exceed the specified yield strength and that
strain hardening will occur when developing the ultimate curvature., 2As a
result, in Wew Zealand for steel with a specified £ = 40 kei = 275 MPa the
use of a steel strength of 1,25f is recommended inysuch calculations; for
steel with a specified £ = 55 k8i = 380 MPa use of a steel strength of
1.40f is recommended dud to the short yield plateau, For prestressed
concrbte the actual tensile strength of the steel should be used. Alsc,
for beams cast monolithically with slabs, in negative moment regions account
needs to be taken of the lIikely contribution of the glab steel to the flexural
strength of the beam. For example, at interior columns where beams exist in
both directions, the reinforcement within a distance of four slab thicknesses
each side of the column could be included.

Required Further Research

Tt is evident that more testing of beams under cyclic leading is regquired
to further examine and refine some of the above design recommendations which
are still fairly subjective. Areas requiring more clarification are:
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the maximum allowable longitudinal tension steel content, the possible
advantages of using partially prestressed concrete beams,. the transverse steel
required to confine the concrete and prevent buckling of the longitudinal
compression bars, the design of shear reinforcement in plastic hinge zones
particularly the use of diagonal bars when the nominal shear stresses are high,
and the contribution of slab reinforcement to the negative moment strength of
beams at column faces.

COLUMNS IN FRAMES

Evaluation of Actions

The strong column - weak beam design concept aims at having plastic hinges
form in the beams rather than in the columns. Some codes, for example the
seisgmic provisions of ACT 318-71 [2] require that at beam-column connections
the sum of the moment strengths of the columns should exceed the sum of the
moment strengths of the beams along each principal plane at the connection.
This requirement unfortunately will not prevent plastic hinges forming in the
columns . for three reasons:

{a) The actual beam steel strength at high curvatures will be higher than
the specified yield strength and this strength will be further enhanced by
strain hardening. Therefore the beam input moment may be considerably higher
than that calculated using the specified yield strength.

{b) Nonlinear dynamic analyses have shown that in frames, due to higher
mode effects, points of contraflexure may occur well away from the mid height
of columns at varicus stages during an earthquake (18,32, 35,7].Thus bending
moment distributions in celumns such as in Fig, 8 are possible. Hence in Fig,
9,which shows a possible distribution of column bending moments, the beam
input moments zﬁl + may have to be resisted almest entirely by one column
section. In the ext¥éme if the point of contraflexure lies cutside the
column height the strength of one ¢olumn section needs to exceed 1t sz.
This required column strength to prevent plastic hinges forming is much
greater than the ACI 318-71 regquirement.

{c) A general direction of seismic leoading alse cauges a severe condition
for the columns [33,34,7]. In design it is customary to censider seismic
loading to act in the direction of the principal axes of the structure and in
one direction at a time. However a general direction of severe seismic loading
can cause yielding of the beams in both directions simultaneously, For example,
for the symmetrical building shown in Fig, 10, if a displacement ductility
factor of 4 is reached in direction 2 it only requires Al = A_/4 to cause
yielding in direction 1 as well, and this occurs when § is oniy 14°, Thus
vielding in the beams in both directions may occur simultanecusly for much of
the seismic loading. Biaxial bending will generally reduce the flexural
strength of the column. Tvpically the flexural strength of a square column
for bending about a diagonal may be 15% less than the flexural strength for
uniaxial bending. Aalsc, for a structure with bheams of equal strength in each
direction, the resultant beam moment input applied biaxially to the columns is
¥2 times the uniaxial beam moment input. Therefore concurrent earthquake
loading may cause the columns to yield before the beams unless columns are
strengthened to take this effect into account. Similarly, concurrent earth-
quake loading will induce higher shear forces in c¢olumns and joint cores when
the beams vield in both directions than for loading in one direction only, and
this higher shear force is to be resisted by sections loaded along a diagonal.
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It is evident that column flexural strengths of rather greater than twice
the ACI requirements would be needed if plastic hinges in columns are to be
avoided. The difficulty of preventing plastic hinges from forming in columns
is such that some column yielding must be considered to be inevitable. Note
that yielding due to shift of the points of contraflexure in the columns due
to higher mode effects will only occur at one end of the columns and therefore
will not lead to a column sidesway mechanism in that storey. The degree of
protection of columns against yielding is a debatable issue and needs to be
approached on a probabilistic basis.

A design procedure developed by Paulay [11] is being recommended in New
Zezland for determining column actions. This procedure is aimed at giving
reasonable protection against column yielding. In the procedure the design
uniaxial bending moment for the column, acting separately in each of the two
principal directions of the structure, is given by

Mcol = ¢éUM (6)

code
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where Mcod ig the column moment at the beam centre line derived from the code
loading 204 to be reduced as indicated by the moment gradient to give the
moment at the beam face; ¢ is ratio of the overstrength flexural capacity of
the beams as detailed to the beam moment capacity reguirced by the code {for
steel with £ = 40 ksi = 275 MPa, if 1.25 is the overstrength factor for the
steel and 0.% is the capacity reduction factor used in beam design for
flexure, ¢_ is at least equal to 1.25/0.9 = 1.39}); and & allows for higher
mode and cgncurrent loading effects, and ranges between 1.2 and 1.8 for one-
way frames and between 1.5 and 1.2 for two-way frames, depending on the period
of the building. The recommended values for w were obtained from an assessment
of the results of available nonlinear dynamic analyses. Note that in two-way
frames the columns are designed for uniaxial bending only, since w includes
some moment enhancement to make allowance for the effect of biaxial bending.
The design axial force P to be used with M in section design is
calculated from the shea%o%orces applied at tﬁglcolumn faces by the gravity
loads from the beams,and the moment induced shears from the beam plastic hinge
moments in both directions acting at flexural overstrength, except that a
reduction in the moment induced shears is allowed to take into account the
probability that not all beam plastic hinges have reached their overstrength
up the height of the frame. This reduction in moment induced shears is at
least 0 to 30%, increasing from zexo as the number of storeys increases. 1In
this procedure it is also recommended that the column be designed for M

and P using a capacity reduction factor ¢ of unity, since the effect§°1of
steel¢g%rength and moment patterns have been examined closely and the column
secticns will be detailed for ductility.

Concrete Confinement and Lohgitudinal Steel Support in Potential Plastic
Hinge Regions

The possibility of vielding occurring at the column ends due to the
effects discussed above makes it important to ensure that columns are capable
of behaving in a ductile manner. Hence for reinforced and prestressed concrete
columns adequate transverse steel in the form of hoops or spirals should be
present at the potential plastic hinge regions at the column ends, to ensure
ductile concrete behaviour and to prevent buckling of the longitudinal steel.
The potential plastic hinge regions at the column ends can be taken as not
smaller than the larger column section dimension or one-sixth of the clear
height of the columns or 18 in [450 mm].

Code provisions for confining steel are at present based on rather
arbitrary assumptions. IPor example, the amount of transverse reinforcement in
the potential plastic hinge regicns at the ends of columns reccommended by the
ACTI [2] and SEAQC [36] Codes is based on preserving the axial load strength of
the column after the cover concrete has spalled rather than aiming to achieve
a particular curvature ductility factor for the column, The amount of rectangul-
ar hoops and ties specified is alsc based on the same criterion and assumes
that rectangular hoops, because of their shape, are less efficient than
circular spirals in confining the concrete. The philosophy of maintaining the
axial load strength of columns after the spalling of cover concrete does not
properly relate to the detailing requirements of adequate plastie rotation
capacity of eccentrically loaded column sections. A more logical approach for
the determination of the required centent of transverse steel would be based
on ensuring a satisfactory moment-curvature relationship and would include
as variables the level of axial load on the column, the longitudinal steel



ratio, the proportion of the column section confined, the stress-strain
curve of the longitudinal steel, and the stress-strain curve of the confined
concrete as a function of the amcunt of confining steel [7].

Moment-curvature analyses of column sections for monotonic flexure have
been conducted using idealized stress-strain curves for steel and concrete
[7, 37-40]. The stress-strain curve for the steel included the effect of
strain hardening. The stress=strain curve for the concrete included the
effect of the confining steel. Fig. 11 shows the assumed curve for concrete
confined by rectangular hoops [27]. The slope of the falling branch is defined
by the parameter Z which is a
I function of the concrete strength
N and the spacing and volume ratio
of rectangular hoops. The value
o .k of Z decreases as the content of
¢ hoops increases. For concrete
polng confined by circular spirals a
A curve with greater strength
Confined increase and ductility was used
noncrete [40]. The moment=curvature
curves were calculated using the
n idealized stress-strain curves,
assuming that plane sections
A 0.002 € oon P . & rema%n plane and sat%sfying the
requirements of strain
Fig. 11 stress-Strain Curve foxr Concrete compatibility and equilibrium.
Confined by Rectangular Hoops [27] The cover concrete was assumed
to become ineffective at a
compressive strain greater than 0.004. Fig. 12 shows a rectangular section
with the idealized strain and stress distributions at a particular curvature.
Fig. 13 shows the moment-curvature relationships obtained for a rectangular
section with axial load held constant at 0.3£'A ,for a range of longitudinal
steel ratios {_ and rectangular hcop contents? IFor the arrangement of hoops
shown in ¥Fig. [2,for this ¢olumn secticn 2 = 155 coxrresponds to No. 3 (9.5 mm
dia.) hoops at 12 in (305 mm) centres and Z = 15 corresponds to No. 6 (19.1
mm) dia. hoops at 4 in (102 mm) centres. For this column section the content
of special transverse steel recommended by the ACI [2] and SEACC [36] codes is
equivalent approximately to 7z = 13.

05f
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Unconfined concrete
1 1

e ===
I b L At o e :)].-a/(amina
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0
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SECTION STRESS

Fig. 12 Rectangular Reinforced Concrete Column Section With Idealized
Strain and Strezs Distributions
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Moment-curvature analyses of
columns conducted as above for
monotonic flexure show a decrease

oo ,/’%’7"J ':? in moment capacity when the cover
concrete spalls,but providing
A ;”" adequate confining steel is
a5 ?pﬁgf present sections can maintain
Pre0.06 2o substantial moment with further
0 1 | plastic rotation. A difficulty
T /’/,/ B with refined moment-curvature
f& e (157 analyses of this type is that
0.25 oE insufficient experimental data is
M \QE\‘*" available to accurately establish
fgen? Py - prod the stress-strain curve for
a2 ft} P———‘r‘“"““ﬂ“———iﬂ confined concrete including the
g effect of overlapping hoops and
34 ______‘____g-l hoops with supplementary cross
2 ties. However the approximate
o0 # - 0.02 analyses referred to above have
- shown that the eguations for
transverse steel content recommend-
0.05 igs;;w;asf:ﬂg_’g:-';‘5’:”;:;":;’ - ed in the 1973 SEAQC Code [36] are
concere :,f:f:,‘“{,"; ;é;ggﬂg:@fmx/gw ger}erally conservative for moderate
r 1 i ) axial load levels but not
5 5 7 15 20 25 30 conservative at high load levels.
%} Thus in New Zealand the SEAOCC

equations have been modified to
Fig. 13 Moment-Curvature Relationships for take axial load level into account

Reinforced Concrete Column Section [12]. the axial load level is
With Compressive Load of O.3f;A expressed as the ratio P _/f'A ,
[38,71 g where P is the maximum desi

compressive load acting on the

columns, £' is the specified compressive cylinder strength of the concrete,

and A is e gross area of the column section. The recommended eguations

resulf in the following amounts of circular spiral steel being placed as a
percentage of the ameunt recommended in the 13732 SEAOC Code:

P/ ERy [ 0.1 0.2 0.3 0.4 0.5 0.6 0.7

% of SEAOC 0 T s5¢ 63 75 a8 100 113 125

where p_ is the ratio of the volume of the spiral steel to the volume of
concreté core. For rectangular hoop steel,with or without supplementary cross
ties,the recommended equations result in the following amounts of transverse
steel being placed as a percentage of the amount recommended in the 1973
SEAQOC Code:

Pe/féAg 0.1 0,2 0.3 0.4 0.5 0.6
% of SEAOC £ { 350 66 83 100 117 133

h
where A ., is the total area of transverse steel crossing the section. The
moment-Curvature analyses indicated that use of the above recommended amounts
of confining steel should result in curvatures being reached which generally
are much greater than five times the yield curvature (defined as when the
outermost tension bars first begin to yield) accompanied by a moment capacity
which is generally not less than 80% of the moment capacity calculated at an
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extreme fibre concrete strain of 0.003, for columns with longitudinal steel
ratio of 0.02 or greater, providing that the axial compression does not exceed
either 0.7£'A for columns with circular spiral reinforcement or 0.6f'A for
columns Witﬁ gectangular hoop reinforcement. Also, experimental evidgnge [41]
from reinforced concrete cantilever columns with circular spirals tested under
cyclic flexure to displacement ductility factors of up to six have confirmed
that the spiral steel content recommended above for axial compression of
0.1f'A should result in adeguate ductility. However the moment-curvature
analyses have shown that the curvature ductility available from very heavily
loaded columns is doubtful even with large guantities of confining steel [37,38
39,401, and it is recommended that columns with circular spirals with P > 0.7£'a
and columns with rectangular hoops, with or without supplementary cross ties,
with P_ > 0.6£'A  should not be used unless special studies show them to give
adequa%e ductifi%y. The greater limiting axial load for columns with circular
spiral reinforcement compared with columns with rectangular hoop reinforcement
is because it has been found from the analytical studies that the SEAGC
specified spiral steel confines the concrete more effectively than the specified
hoop steel, The moment-curvature analyses alsc demonstrated that use of high
strength steel as longitudinal reinforcement in columns improves the perform-
ance of the columns at high curvature because the early strain hardening of
that steel helps to compensate for the loss of moment capacity due to the
reduction of contribution from the concrete. Also high longitudinal steel
contents result in a smaller reduction in moment capacity at high curvatures.

Although derived for reinforced concrete columns, it is apparent that the
above recommended quantities of transverse steel could also be used to coanfine
prestressed concrete columns, in the absence of moxe accurate theory.

In most rectangular columns a single rectangular peripheral hoop will be
insufficient to properly confine the concrete and laterally restrain the
longitudinal steel against buckling. Therefore, an arrangement of hoops with
or without supplementary cross ties will be necessary., Supplementary cross
ties can only be expected to function effectively if fitted tightly around the
bars, a rather difficult requirement in practice. Any gap left bhetween the
inside of the bend of the cross tie and the outside of the laterally supported
bar will mean that outward expansion of the coencrete needs to occur before the
cross tie becomes fully effective, and thus some concrete confinement is lost.
It would appear to be better to use a number of overlapping hoops rather than
a single peripheral hoop and supplementary cross ties. Examples of some
alternative details are shown in Fig. 14. The New Zealand recommendations
require that supplementary cross ties and legs of hoops should not be spaced
transversely more than either 8 in (200 mm) or cne-quarter of the column
section dimension perpendicular to the direction of the transverse steel. Also,
the longitudinal column bars should not be spaced more than 8 in (200 mm} apart
since they play an important role in assisting confinement. Supplementary
cross ties can be anchored by bending around either a longitudinal bar or by
bending around a peripheral hoop beside a longitudinal bar {(see for example
Fig. 1l4a and b). Note that it is not censidered necessary fer a supplementary
cross tie to engage a hoop. That is, the concrete is confined by arching
between hoops, supplementary cross ties and longitudinal bars. In a set of
overlapping hoops it is preferable to have one peripheral heooep enclosing all
celumn bars together with one or more hoops covering smaller areas of the
column section. For example, the detail o6f Fig. l4c is preferred to that of
Fig. 144&. This is because the longitudinal column bars are held more firmly
in place during construction if they are all enclosed by one hoop.
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Fig., 14 Some Details of Transverse Steel in Columns [12] {1l in = 25.4mm)

The spirals,or hoops with or without supplementary cross ties,are also
necessary to provide lateral support to the longitudinal bars to prevent
buckling. Hence, as for beams, the spacing between centres of spirals or
hoop sets should not exceed six longitudinal bar diameters. However,not all
longitudinal bars need to be lateraily supported by a bend in a transverse
hoop or cross tie. 1If bars or groups of bars which are laterally supported
by bends in the same transverse heop or cross tie are less than or equal to 8 in
(200 mm) ‘apart (see for example Fig, l4e) any bar or bundle of bars between
them need not have effective lateral support from a bent transverse bar.
Note also that the supplementary cross ties which are bent around hoops (see
for example Fig, 14b) can be regarded as providing effective lateral support
to the longitudinal bars beside them,since althcugh they do not pass around
those bars they effectively restrain the hoop beside the bar. Such
supplementary cross ties should be secured to the adjacent longitudinal bars



during construction. In large column sections the use of inclined ties (see
for example Fig. 14f) helps to keep the centre of the section free from
congestion of transverse steel thus allowing better access for concrete
placement. The yield force of the hoop bar or supplementary cross tie
providing lateral restraint should be at least one-sixteenth of the yield
force of the longitudinal bar or bars it restrains.

Shear strength

The design shear force for cclumns can be obtained from the moment
gradient in the column. For small axial load levels, say when Pe < 0,1€'A ,
the shear carried by the concrete should be ignored in potential plastic
hinge regions at the column ends. Strictly, the diagonal shear foxrce result-
ing from biaxial bending in two-way frames due to concurrent seismic loading
should be considered in design. The shear strength of rectangular column
sections loaded along a diagonal has received little attention in the past.
Tests have been conducted recently on four reinforced concrete members with a
16 in (406 mm) sguare section [42] subjected to uniaxial or diagonal shear
force and flexure. Two arrangements of overlapping hoops were used. The
members were designed to fail in shear and for coenvenience were tested in a
horizontal position with no axial load applied. A member tested with diagonal
shear is shown in Fig. 15. The photograph has been rotated 90° to show the
member vertical as it would be in a frame. fThe difference bhetween the
diagonal shear strength and the uniaxial shear strength of identical specimens
was zero for one pair and 3% for the other pair. 'This result is not surprising
since although for diagonal shear the component of transverse bar forces in the
direction of the shear force is smallex the diagonal tension c¢rack has a
greater projected length and therefore intercepts more transverse bars:these
effects compensate each other.

However it is recommended in New Zealand that columns can be designed for
uniaxial shear provided that the design shear force is calculated from the
likely moment gradient associated with the enhanced uniaxial design moments
discussed previously [11].

Required Further Research

A number of aspects regarding the seismic design of columns need further
clarification. More informaticn from nonlinear dynamic analyses of frames is
required to obtain a better statistical basis for determining the design column
actions which will give adequate protection against plastic hinging in columns,
considering the effects of moment overstrength of beams, higher modes of
vibration, and concurrent earthquake loading. More accurate confining steel
provisions are required with more emphasis on flexural ductility, and including
as variables the axial load level, type of steel, arrangement of transverse
steel, effect of cyclic loading, ete. Such provisions can be derived
analytically when accurate stress-strain curves for concrete confined by
various arrangements of transverse steel become available. Further testing to
determine more accurate tie requirements to prevent compression bar buckling
is also required. Better systems for the mechanical splicing of longitudinal
column bars suitable for seismic resistant structures would alsc be an
advantage. There is also a scarcity of experimental results for the shear
strength of rectangular columns loaded along a diagonal.
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BEAM-COLUMN JOINTS
General

Ideally, the strength of a beam-
column joint should be greater than the
strength of the adjacent members since
failure of the joint core may be non-
ductile, the joint core is difficult te
repair, and failure of the joint core
could lead to the collapse of the column.
In past vears designers have tended not
to give much attention to the detailing
of beam-column joints. However,when
subjected to seismic loading, keam-column
joint cores can become critical regions
of the structure,as is illustrated in
Fig. 16. The performance of beam-column
joints under pseudo-static seismic loading
has been studied extensively in New
Zealand in recent years [7, 43-54,21,23,
31]. These tests on reinforced and
prestressed concrete beam-column sub-
assemblages have indicated that when the
plastic -hinges form in the members
adjacent to the connection the joint core
may be subjected to extremely high shear
forces and bond stresses, The design
provisions for joint cores recommended by
ACI 318-71 {2} have been guestioned. In

i " any case it would appear to be erronecus
Fig. 15 Shear Failure of Reinfqrced to base a design procedure for joint
Concrete Column With Shear cores on test results cbtained from

Force Applied Along the menbers,as the ACI code has done.
Section Diagonal [42}

Exterior Beam-Column Joints

Fig. 17 shows an external beam-
column joint of a reinforced concrete frame and the associated forces and
cracking. It is clear that the bond conditions for the longitudinal beam
and column bars are unfavourable because: (a} large steel forces need to be
transferred to the concrete over relatively short lengths of bar, (b) flexural
and diagonal tension c¢racks are present which will alternate in direction
during cyclic loading,and (¢} bond deterioration will occur during cyclic
loading. For example, if the outer column bars are near to yielding in
compression above the core and are yielding in tension below the core,
approximately twice the yield force of the bar needs to be transferred to the
joint core by bond over the depth of the core. The extremely high bond
stresses so induced, and the anchorage forces from the beam bars, can result
in vertical splitting of the concrete along the outer column bars (see Fig.
18). Degradation of bond strength will also cause yielding of longitudinal
bars to penetrate into the joint core, thus reducing the effective anchorage
length and possikly resulting in slip of bars through the core. Therefore, in
New Zealand it is recommended that at exterior beam-column joints in which



277

plastic hinging occurs in the
beam at the column face, the
anchorage of beam steel should
ke considered to commence within
the joint core at one-half the
coluin depth or ten bar
diameters, which ever is less,
from the face of the column where
the steel enters. An anchorage
block, in the form of a beam stub
at the far face of the column
where the longitudinal beam bars
can be anchored, has been shown
[47,7} to result in considerable
improvement in joint performance,
and are being used by some
designerxs in New Zealand (see
Fig. 19). It is also recommended
that the maximum diameter of
longitudinal column bars should
not exceed 1/20th of the beam
depth for steel with £ = 40 ksi
= 275 Mpa or 1/25th of the beam
depth for steel with £ = 55 ksi
= 180 MPa. Y

Fig. 16 Reinforced Concrete Beam-Column
Joint Failure [43,44]

The tests have also
shown that when plastic
hinging occurs in the beam
adjacent to the column the

ACI 318-~71 2] design
;%;} ) r approach for joint core shear
; results in adeguate joint
core shear strength in the
Steel and . -
gondt Forces first cycle of loading in
the inelastic range, bukt
that degradation of shear
carried by the toncrete

s

Forces acting
on Panel Zone

fa)

Fig. 17 Stress Resultants, Crack Pattern occurs in subsequent inelastic
and Bond Forces at Reinforced cycles. It dis recommended
Concrete Exterior Beam-Column Joint that the nominal shear

stress v_ carried by the
concrete shear resisting mechanisms in the joint core should only be taken
into account if the compressive load on the column exceeds 0.1f'a . The
degradation of shear carried by the concrete occurs due to repegtgd opening
and closing of diagonal tension cracks in alternating directions and full
depth cracks in the beam which results in the beam compression being
transferred into the joint core by bond. These two occurrences reduce the
ability of the diagonal compression strut across the joint core to act as an
effective shear resisting mechanism [7]. The critical diagonal tension crack
has been observed to run from coxrner to corner in the joint core and the
horizontal shear reinforcement should be designed by summing the shear
reinforcement bar forces which cross that corner to corner crack. The ACI 318~
71 assumption of 45° cracking is difficult to justify since the cracking will
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Exterior Reinforced Concrete
Beam-Column Joint Showing
Splitting Cracks at Outer
Longitudinal Column Bars [46]

Fig. 18

Fig. 12 Exterior Reinforced Concrete
Beam—=Column Joint With
Anchorage Blocks

be parallel to the diagonal compress-
ion strut which runs from corner to
coxner. Hence, the design horizontal
shear force in Pig. 17a is T - V',
where T is the force in the beam bars
enhanced for overstrength (for example,
found using 1.25f for steel with a
specified yield strength £ = 40 ksi

= 275 MPa) and V' is the cglumn shear
force. This design shear force should
be resisted by the concrete if the
compressive column load exceeds 0.1lf'a
and by the force in the horizontal €9
shear reinforcement which crosses the
corner to corner crack. Vertical shear
reinforcement should also exist in the
form of vertical column bars around
the perimeter of the column section
(spacing not toc exceed 6 in (150 mm)
and at least one intermediate bar
between corners to be present). Such
vertical bars are necessary to help
transfer vertical shear forces. That
is, four bar column should not be
used. A procedure for the design of
vertical shear reinforcement has been
developed [14].

Interior Beam-Column Joints

Many of the points made regarding
exterior beam-column joints apply to
interior bheam-column joints. Fig. 20
shows one of a series of interior
beam~column joints being tested under
pseudo~static cyclic lecading. Fig. 21
shows a reinforced concrete joint
which had been designed using the
method of ACI 3218-71 {2] and which
failed in joint core shear,and slip
of beam bars,after the first inelastic
loading cycle. This can be contrasted
with the behaviour of the partially
prestregssed concrete joint shown in
Fig. 22 which had been designed
according to the ACE 318-7] method but
which had a prestressing tendon at mid-
depth in the beam. The additional

shear strength provided by this tendon crossing the diagonal tension cracks in
the joint core enabled joint core shear failure to be prevented and allowed

plastic hinging to occur in. the beams.

through the joint core occurred in some of the tests [23,31,51,52].

Slip of longitudinal bheam steel
When

plastic hinging cccurs in the beams at the column faces it is recommended that
the maximum diameter of longitudinal beam reinforcing bars should not exceed
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Fig. 21 Interior Reinforced Concrete
Beam-Column Joint With Shear
Failure in Joint Core {23,311}

Fig. 20 Interior Beam-Column
Joint During Testing
[23,31]

Fig. 22 Interior Partially Prestressed
Beam-Column Joint With Plexural
Failure in the Beams [23,31]

1/25th of the column depth for steel with £ = 40 ksi = 275 MPa or 1/35th of
the column depth for steel with £ = 55 ksi¥s 380 Mpa. The diameters of
longitudinal column bars are limi¥ed as for exterior joints.

The degradation of joint core shear strength with cyclic loading occurs
for the same reason as for exterior joints, namely repeated opening and closing
of diagonal tensicn cracks, and full depth cracking in the beam at the column
face, which leads to a reduction in the effectiveness of the concrete diagonal
compressive strut. Fig. 23a illustrates the forces acting on a beam-column
joint core. The forces entering the joint core are transferred across it by
the diagonal compression strut (Fig. 23b) and by a truss mechanism involving
diagonal tension and compression induced by the bond forces of the longitudinal
bars {Fig. 23¢). The shear carried by the concrete v_ arises mainly from the
diagonal compression strut. When full depth cracking transfers most of the beam
forces to the longitudinal steel the mechanism involving truss action becomes
dominant and this mechanism requires the presence of both horizontal and
vertical bars to carxy the diagonal tension forces across the joint core. Hence
the force to be carried by the horizontal shear reinforcement increases as
cyclic loading proceeds and vertical steel crossing the joint core is needed
to carry the vertical forces necessary to complete the truss mechanism.



The design horizontal shear
force in the notation of Figq.
23 is T + C - V', where the
forces are calculated using

¢ ;ﬁﬁ///{ r steel stresses which include
= 7 overstrength. A contribution
€= -—»|T to the shear strength from
,//44 \\::::: [/j centrally placed prestressing
<7 :::::\\ /{j;’ tendons can be included.
r \ V‘_ Cc=cote Therefore the design horizontal
e ! shear should he resisted by
‘J/lL// the concrete if the compressive
r & / 't c=c+c column load exceeds 0.1f'a ,
v by the force in the prestréss-

ing tendons in the middle
third of the beam depth if
any, and by the total force
in the horizontal shear
reinforcement crossing the

g
jﬁ'Eq corner to corner crack.
vy vertical shear reinforcement
/)
D
/

(a) Forces on beam-column joint core

4 c should also exist as for
< exterior joints.

P
c Biaxial Shear
{b) shear transfer by diagonal compression

Beam=-column joint cores in
strut

two-way frame systems are
subjected to high shear forces
¢ TT in tbe diFection ?f the column
J ’ v =1C, + T/, section diagonal if the beams
iy L. e in both directions are yielding
! *Y.  simultaneously. Fig. 24 shows
! ~ ey the eritical corner to corner
<, 5 N crack when diagonal shear acts
________ ~—— = on an interior beam-column joint
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J«T TC; w =G +TV/¢, cc?re. .If the bet?\m:.s in the two
directions are similar,the
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along the diagonal of the Jjoint
coré section is v2 times the
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(c) shear transfer by truss mechanism

Fig. 23 Idealized Behaviour of Interior FE S
Beam~Column Joint Core uniaxial shear force. The

cerner to corner diagonal
tension crack intersects the same number of shear reinforcement bars as for
uniaxial shear, and if these shear bars are parallel to the sides of the
section the diagonal component of bar force is 1/¥2 times that available to
resist uniaxial shear. Hence design for biaxigl shear for symmetrical two-way
frames can lead to approximately double the guantity of shear reinforcement
required for uniaxial shear design. This obviously is a serious problem.
The confinement of the joint core from the transverse beams at right angles
may aid the shear transfer by the concrete, and thus allow the shear carried
by the concrete to be enhanced, but this may not be as effective as is
assumed by some codeg since full depth cracking at the column faces and
damage at the plastic hinge sections of both sets of beams will reduce the



Fig. 24 Isometric View of Corner
to Corner Crack Across
Joint Core in Case of
Diagonal Shear [14]

L _
Fig. 25 Corxner Joint of Model
Reinforced Concrete
Building Showing Diagonal
Tension Cracks in
Transverse Beam [55]

lateral confinement available to the
joint core. A full-scale test specimen
with biaxial joint shear is being tested
in New Zealand this year to further
investigate this case [51].

Torsion of Transverse Beams

Even with seismic loading acting in
only one principal direction of two-way
frames there may be secondary effects in
the beams at right angles which could
cause considerable damage. Large plastic
hinge rotations in the beams at the
column faces in the direction of seismic
loading could induce large twists in the
beams which enter the joint at right
angles to the direction of seismic
loading, owing to the presence of the
floor slab cast moneclithically with the
beams. The imposed twist may cause
diagonal tension cracking in the trans-
verse beams which may affect their
performance when the seismic loading acts
in their direction. Fig. 25 shows a
corner joint in a one fifth-scale six-
storey reinforced concrete building [55]
after testing with pseudo-static loading
applied along one.principal axis of the
building. Cracking has developed across
the corner of the slab and diagonal
tension cracks have formed in the
transverse beam. Such damage,particularly
with intense cyclic loading, will add to
the stiffness degradation of the building.

Plastic Hinging in Beams Away from
Ccolumn Faces

The degradaticon of joint core shear
strength, and the bond problems associated
with longitudinal beam and column steel
passing through the joint core, can be
greatly reduced if yielding of longitudinal
steel is forced to occur away from the
faces of the joint core. This design
concept of deliberately designing plastic
hinges to form in the beams away from the
columns is at present being investigated
in New 2Zealand. Calculations have shown
that the content of joint core shear
reinforcement can be much reduced,and
larger diameter longitudinal bars passing
through the joint core can be tolerated,
for this design situation. Plastic
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hinging can be forces away from column faces by suitable reinforcing details
or by haunching the beams,

Required Further Research

The issues which need further research are: the actual mechanism of joint
core shear resistance, the bar diameter criteria for anchorage as a function
of more variables than the member depth, the vertical shear reinforcement
necessary in joint cores, the contribution of prestressing to the joint core
shear strength, the design for biaxial shear, possible non-conventional
details for joint core design such as diagonal bars and bond plates, the
effect of the presence of transverse beams, the effect of torsion induced in
transverse beams, and design procedures to force beam plastic hinging away
from the column faces.

SLAB-COLUMN AND SLAB=-WALL JOINTS

Slab=Column Joints

The transfer of unbalanced moment and shear at slab-column joints can be
a critical aspect of the behaviour of flat plate structures. The reversals
of unbalanced moment which occcur during an earthquake could lead to a shear
failure in the slab around the column due to degradation of the shear strength.
It is not suggested that flat plate buildings should be used-as seismic
resistant structures without the presence of some frames or walls to stiffen
the structure. Even with such stiffening elements present substantial
unbalanced moment may need to be transferred at the slab-column connection,
and these should be made adequately ductile. Some pseudo-static cyclic load
tests have been conducted in New Zealand [56,57,58] on reinforced concrete
slab~column joints with various arrangements of shear reinforcement in the
slab. Fig. 26a shows a joint without shear reinforcement after loading to
failure with shear and unbalanced moment. The final stage of shear failure
occurs by the column punching through the slab at the critical face of the
colunn and the top slab bars on that side of the column splitting off the slab
top cover concrete. Structural steel shearheads were found to lead to an
increase in strength and some ductility of the joint. The best detail,
however, was the use of stirrup ties placed in the slab around those slab
bars that pass through the column (see Fig. 26b). In addition to acting as
shear and torsional reinforcement, the stirrup ties held the top and bottom
slab steel together and prevented the column from punching through the slab
at the critical face thus suppressing a brittle failure. Fig. 26¢ shows a
joint with stirrup ties placed as in Fig. 26b at failure and the most evident
sign of damage is now due to torsion in the slab near the side faces of the
column. The use of stirrup ties placed around the slab bars passing through
the column résults in a substantial increase in ductility of the joint. The
strength of joints reinforced in this manner can be determined using an
approach which sums the flexural, shear and torsional strength contributions
around the column using a beam analogy [56,58].

Slab-Wall Joints

A series of tests on reinferced concrete slab-wall joints has recently
been completed in New Zealand [20}. Various arrangements of shear reinforce=-
ment were used in the slabs. The tests have not yet been fully reported.

It was shown to be difficult to prevent shear failure at the critical toes
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(¢) Joint with stirrup ties as
shear reinforcement

Fig. 26 Reinforced Concrete Slab-
Column Joints [56,57]

Fig. 27 Reinforced Concrete Slab-
Wall Specimen Under Test
[20]

of the wall but nevertheless yield lines
developed across the siab and allowed the
full flexural strength of the slab to be
developed. Fig. 27 shows a specimen
during pseudo-static cyclic load tests.

Required Further Reseaxrch

Further testing of slab-column and
slab-wall joints is necessary,
particularly for prestressed concrete
slabs, in order to extend the knowledge
of detailing for-ductility. Most existing
glab-column tests have been conducted on
single column specimens in which loading
has been applied which attempts to
simulate the conditions at the joint of
a multipanel structure. Testing of
multipanel specimens is also necessary
to check whether any unexpected effects
may be caused by the actual distribution
of actions around the joint.

COMPLETE FRAMED STRUCTURES
General

Two one=-fifth scale reinforced
concrete model structures, one bay by
one bay wide and six-storeys high, have
been tested [55,7). One model was
tested mainly under pseudo-static cyeclice
loading and the other was tested
dynamically on a shaking table, The
models had been designed for New Zealand
code seismic loading and detailed to the
requirements of ACI 318-71 [2] for
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ductile frames in seismic zones. A model under static loading is shown in
Fig. 28. The static cyclic horizontal loading resulted in considerable
stiffness degradation, mainly due to cracking and to slip of bars in
anchorage zones., The dynamically loaded model suffered little damage when
subjected to the El Centro 1940 N-S earth-
quake, The nonlinear dynamic analysis of
this model using Sharpe's program [18]
demonstrated that an accurate estimation
of the stiffness and viscous damping of
the structure was essential for the
accurate prediction of its response to
dynamic loading. Using those stiffness
and viscous damping values which gave the
best fit between the predicted and
measured responses of the structure to

the strong motion portion of the El Centro
1940 N~S earthquake, the displacement
response could be accurately predicted but
the degree of accuracy decreased as
atiffness degradation set in. This
emphasizes that nonlinear dynamic analyses
require realistic input parameters if
accurate response predictions are to be
achieved.

Fig. 28 Model Reinforced Concrete
Building structure Under Further Research
Pgeudo-Static Cyclic
Loading [55,7] A good deal of research is reguired
involving shaking table tests of complete
structures for analysis,to give confidence in the use of available computer
programs for nonlinear dynamic analyses, to check the accuracy of idealizations
made in such analyses, and to improve such idealizations if necessary.

SHEAR WALLS

General

A considerable amount of research has been conducted in New Zealand in
recent years on the behaviour of shear walls under pseudo-static seismic
loading. This research has shown that properly detailed shear walls will
provide adequate strength and ductility in buildings. Hence suspicions that
all shear walls will fail in a brittle manner are groundless providing
reasonable design precautions are taken. Reinforced concrete shear walls
provide an attractive means of seigmic resistance, helping to reduce problems
such as column yielding, beam-column joint detailing, and instability due to
drift. Their stiffness also enables much non-structural damage during a
severe earthquake to be minimized.

Cantilever sShear Walls

Cantilever shear walls are in effect lightly loaded cantilever columns
with narrow cross sections. The longitudinal reinforcement content is small
and therefore they can be expected to behave in a ductile manner, providing
lateral instability of the compression flange does not occur and that shear
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failure is prevented [7]. For tall cantilever walls higher modes of
vibration can effect the distribution of shear force when the wall is loaded
to flexural capacity [59]. The design shear force at the flexural capacity
of the wall can be considerably higher than that calculated using the code
distribution of static horizontal leoading,and it is recommended that the
design shear force should be found by factoring up the code shear at the
flexural capacity by some 1.0 to 1.8 times, depending on the number of storeys
amd the importance of the structure [1,59]. An experimental study on model
squat shear walls has been conducted [60,66,7]. The walls were sguare

(height to width ratio of unity), and the horizontal shear force was
distributed along the top edge of the wall and applied cyclically. The tests
showed that if a ductile (flexural) failure mechanism is required in a low
rise shear wall the nominal shear stress assoclated with the flexural capacity
of the wall must be small, say less than G/EZ psi {0.5/F" MPa). also no
reliance should be placed on the contribution of the confrete to the shear
strength; that is,all the shear force should be carried by the web reinforce-
ment.

Coupled Shear Walls

Many shear walls contain vertical reows of openings,and the walls each
side of the openings are connected by short deep beams. Extensive studies of
the behaviour of coupling beams has been made in New Zealand, for example
[61-72, 7]. When the wall is subjected to seismic loading the coupling beams
are subjected to flexure and shear and because of their small span/depth
ratio shear deformations of these beams may become very significant. A laminar
analysis can be used to find the elasto-plastic response of coupled shear walls
under monotonic loading, and so enable an assessment to be made of the
ductility regquirements of the coupling beams to achieve a given displacement
ductility factor [61,62,7]. The experimental investigations conducted were
to determine whether the required ductility can be achieved in deep coupling
beams . Fig. 29 shows the test rig used to provide pseudo-static cyclic
flexure and shear at the ends of a coupling beam to simulate conditions in a
coupled shear wall during geismic loading. It was found [61-64,7] that for
coupling beams with clear span/depth ratios less than about 2 the diagonal
tension cracking caused a radical redistribution of the tensile forces and
the wheole length of the longitudinal bars, top and bottom, in the beams was
in tension. Therefore no increase in ductility was available through
compression steel,since the concrete carried all the compression. For clear
span/depth ratios less than about 2, after high intensity load reversals, the
attainable flexural strength was only about 83% of that predicted by
conventicnal flexural strength theory. The diagonal tension cracking in
alternating directions, shown in Fig. 30, reduced the capacity of the concrete
to carry shear and eventually transferred all the shear to the stirrups.
Therefore it is important to provide shear reinforcement to carry all the
shear force at the heam flexural capacity. The stiffness of the coupling
beams degraded significantly with cyclic loading and shear deformations were
greaterthan flexural deformations. The ultimate failure for members adequately
reinforced for shear was due either to crushing of concrete,or to shear slip
along a vertical crack due to breakdown of aggregate interlock and the open-
ing of the crack due to yielding of the longitudinal steel. Fig. 30illustrates
a sliding shear failure, Vertical stirrups cannot effectively prevent
this type of shear failure and if conventional reinforcing details are used
the nominal shear stress should be limited to ensure that sliding shear
failure does not occur.
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Fig. 30 Diageonal Tension Cracks
and 5liding shear Failure
in Reinforced Concrete
Coupling Beam [61]

Fig. 29 Test on Reinforced Concrete
Coupling Beam [61]

Further experimental work has shown that the ductility and useful
strength of coupling beams can be considerably improved if, instead of the
conventional arrangement of longitudinal flexural steel and vertical stirrups,
the principal reinforcement is placed diagonally in the beam [64-72,7}.

Fig. 31 shows a possible arrangement of diagonal reinforcement. For such a
beam the applied moments and shear are resisted by the internal diagonal
compression and diagenal tension forces. When a full depth open crack exists
after cyclic loading the diagonal steel carries both the moment and flexure
without assistahce necessary from the concrete other than stabilizing the
compression bars against buckling. Diagonally reinforced coupling beams have
keen shown tc have excellent characteristics, and the hysteresis loops have
almost the stability of a steel member. Strength degradation only cccurs if
buckling of compression bars commences [64-72,7]).

) Two one-gquarter scale reinforced
e Gan e ‘*Jggié} concrete coupled shear walls have been
D glyy” tested under pseudo-static cyclic loading
8,5 to wverify behaviour of coupling beams in
] a complete structure during seismic
o, loading {67-72,7}. Fig. 32 shows a
] P g model with diagonally reinforced
rTT—r 4t coupling beams under test (the wall was
stcron sus S a— §§§\ tested horizontally for convenience) and
g ___ﬁh;§§L alse a model with conventionally

reinforced coupling beams standing
upright after testing. §liding shear
failure eventually ccourred in all beams

Fig. 31 Diagonal Reinforcement in
Coupling Beam [7]
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Fig. 32 Reinforced Concrete Coupled Shear Wall
Models [69,70,72]

Fig. 33 Reinforced Concrete
Coupled Shear Wall
Model With Diagonally
Reinforced Beams
After Testing [62,70,
72}

of the conventionally reinforced model. Fig. 33 shows the model with diagonal
reinforcement after testing and it is evident that sliding shear failure of
the coupling beams has not occurred. Both models showed significantductility,
but as expected the model with diagonal reinforcement showed less damage and
more hysteretic damping ability. Diagonally reinforced coupling beams are now
becoming commonly used by designers in New Zealand (see Fig. 34).

Shear Wall - Frame Interaction

Tests on two quarter-scale reinforced concrete shear wall -~ frame models
under pseudo-static cyclic loading have recently been completed in New Zealand
[73,74]. Fig. 35 shows one of the models on its side after testing. In the
first model which had conventionally reinforced beams a sliding shear failure
eventually occurred in all the plastic hinges near the wall, even though the
nominal shear stress in the beams at the development of flexural capacity was
quite moderate, being approximately 190 psi (1.3 MPa}. In the second model the
beams were reinforced diagonally in the plastic hinge regions and behaved very
satisfactorily. Thus although adequate ductility can be achieved by
conventional detailing, the diagonally reinforced menbers showed more stable
hysteresis loops and less stiffness degradation.
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Construction Joints

Sliding movements
are sometimes observed
along horizontal
construction joints in
shear walls. Sheax
transfer by aggregate
interlock (shear
friction) along
preformed cracks has
been examined by
monotonic and cyelic
1oad tests [75,76,7].
Specimens have also
been tested to study
the contribution of
dowel action, surface
preparation, and

Fig, 34 Diagonal Reinforcement for Coupling reinforcing content to
Beams of Shear Walls During the shear strength of
Construction construction joints

under monotonic and
4 cyelic leoading [77,
78,71. Fig. 36 shows
a test specimen after
y shear loading along a
horizontal construct-
ion joint. It was
found that adeguately
| reinforced horizontal
| construction joints
' with a clean and rough
surface, to which
freshly placed concrete
* will bond, can develcp
" an interface shear
strength which is
egual to or larger
than the shear strength
of the remainder of the wall. For design purposes dowel action should be
neglected, since it is only developed at large slips. Use of an apparent
coefficient of friction of unity with the shear friction provisions of ACT
318~71 should give a sufficiently conservative procedure in seismic design.

Fig. 35 Reinforced Concrete Shear Wall - Frame
Model After Testing [73,74]

Required Further Research

Aspects of shear wall beghaviour which require further investigation are:
the efficiency of various shapes of wall cross section and the necessity for
flanges or columns at the edges of walls; the criteria for lateral instability
of the compressed edges of walls; the possible use of vertical prestressing
tendons in walls,with nonprestressed steel only in potential plastic hinge
regions if it is present at all, in oxder to avoid lapping reinforcing bars;
the transverse steel details to confine the concrete and to prevent buckling



of compression steel; diagonal reinforxcement in members; and the reason why
some designers in overseas countries consider it necessary to bury structural
steel frames in reinforced concrete shear wallsg,

FULL SCALE SHAKING TESTS

Scme small amplitude steady
state vibraticn tests have been
conducted in New Zealand on full
gcale reinforced concrete buildings
which were excited in the elastic
range by vibration apparatus clamped
to the structure {79,80]. Such
tests give valuable information
concerning the dynamic character-
istics of buildings and foundation
compliance in the elastic range of
response.

Fig. 36 Horizontal Construction Joint BASE ISOLATION OF BUILDINGS

. £ T -
127T:§] Frame hfter Testing A range of mechanical devices
Ls

which act as hysteretic dampers

have been investigated at the
Physics and Engineering Laboratory of the Department of Scientific and
Industrial Research, New Zealand. These enerqgy dissipation devices may take
the form of steel elements which bend, roll, or twist, lead extrusion or lead
shear devices [81]. Some of these devices are suitable for insertion
between the foundations and the structure of buildings to form base isolation
systems. A recent study [82] using nonlinear dynamiv'analysis has
demonstrated that base isolation is most efficiently employed in short to
intermediate periocd structures. Seismic forces in the structure are
decreased and hence ductility requirements are reduced. This method of
protection against seismic loading holds much promise, It is a practical
approach to design now,and no doubt will be more used when further detailed
studies have been completed.

CONCLUSIONS

New Zealand has been active in recent years in updating its design codes.
The code for general structural design and design loadings for buildings,
which contains general provisions for seismic design, is now published. The
code containing detailed provisions for concrete design, which is almost
complete and is in.draft form at present, will result in a high standard of
detailing of reinforced and prestressed concrete structures for earthquake
resistance. The ¢oncrete design code is based on current American practice
for seismic design with additional provisions based on the findings of
recent research. This code will be more extensive than previous editions but
this is seen to be necessary. The capacity design procedures recommended are
aimed at ensuring ductile behaviour of the structure and minimizing strength
and stiffness degradation during severe earthquakes., Reinforced concrete is
the dominant building material used in New Zealand. Prestressed concrete is
now accepted for seismic resistant construction and this will be the first
occasion that seismic provisions for prestressed concrete will be included
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in a New Zealand code,.

A considerable amount of research and development into the design of
earthquake resistant reinforced and prestressed concrete frames and reinforced
concrete shear walls has been conducted in New Zealand in recent years. This
work has been both analytical and experimental involving model and full-scale
structural elements, subassemblages and complete structures. Particular
emphasis has been given to material behaviour, detailing of plastic hinge
regions, beam-column joint detailing, column protection from seismic actions,
and shear wall detailing. The design profession has taken a lively interxest
in this research and development., BAn excellent interchange of views has
taken place and agreement has been reached on seismic design procedures as a
result of conferences and meetings. The New Zealand National society fox
Earthquake Engineering has taken a leading role in maintaining excellent
communication between research workers and designers.

An inevitable regult of research and in-depth investigations is a crop
of further problems. Although it is felt that a high standard of detailing
has already been achieved, further research is necessary to improve and
refine existing procedures.
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INTRODUCTION

‘The state-of-the-art and the state-of-the-practice in both the selec-
tion of and the uncertainty within ground motion input and the way the input
are used vary substantlally. This difference is so great that the require-
ments of this paper may be best served by separate discussions of the
state—of-the—art as 1t is currently perceived and the means by which ground
motions are presently considered in the vast majority of designs. While
both topics are covered in an abbreviated form it is hoped that the list of
references will serve as a guide for the interested reader.

CURRENT PRACTICE

The sole mandatory requirement for seismic design of structures at the
present time is that the design be shown to satisfy the appropriate building
code. The requirements of the particular code may be different but proof
that they have been met must be demonstrated to building officials. This
simple requirement has led to two divergent and counter-productive tenden-
cies. The first comes from the designer who is often pressured by the
architect and building owner to produce a design which satisfies the legal
requirements but does not provide sensible seismic protection, The code is
looked on in such a situatdon as an adversary instead of a guide. The
second response comes from those who recognize that some designers do look
at the code in this way and recommend with each code revision that design
requirements should be Increased. We now have a situation where schools in
Califeornia built since the passage of the Field Act in 1933 and have a
splendid performance record during recent destructive earthquakes do not
satisfy the current codes.

Those structures which suffered the most distress in the San Fernando
Earthquake were frequently found to satisfy the code requirements while
having deficiencies in continuity etc. which cannot be remedied by code
modification alone, especially the simple expedient of requiring higher
forces. Higher force requirements will result In stiffer structures., As
many of the major problems in earthquakes are produced by displacements,
designs which produce stiffer structures may be self defeating, especially
for relatively brittle structural materials such as reinforced concrete.

The 1974 Edition of the Recommended Lateral Force Requirements and
Commentary of the Structural Engineers Association of California saw the
first United States use of a factor relating different design force levels
to different soil profiles. This factor which can increase the lateral
force requirement by a factor of up to 1.5 requires the computation of the



297

period of the structure and the characteristic period of the soil profile.
In order to simplify the code procedures and recognize that ground motions
cannot be categorized by any single parameter the provisions being developed
by the Applied Technology Council [3] suggest a different methed. For this
procedure the ground motion is represented by two quantities 4, (the effec-
tive peak acceleration) and Ay (the effective peak velocity-related accel=-
eration). For most parts of the country the values for A, and Ay will be
equal. In areas at moderate distances from the major seismic source zones
the value of Ay will be larger than A;. This difference is produced by the
slower attenuvation of ground velocity than ground acceleration with distance
from the seismic source. The maps for Ay and Ay in conteour form are shown
in Figures 1 and 2. The contours show the quantities A, and A, which have
approximately 80 to 95 percent probability of not being exceeded in 50 years.
This probably represents the most significant change being contemplated,
recognition of both the probable size and frequency of earthquake occurrence.
For lecations inside the maximum or minimum values a constant value equal to
the maximum or minimum value is assumed. Tor locations between contours the
values should be obtained by interpolation. If the use of maps based on
Figure 1 and 2 are adopted in future codes they are expected to be in the
form of zone maps with zone boundaries based on political jurisdictions,
using county borders as the boundaries. In highly seismic regions such as
Califernia where counties pass through several contours some additional
local subdivision would be advisable.

The adaptation of contour maps to zone maps based on political sub-
divisions ie an example of the difference that exists and will continue to
exist between the state-of-the-art and the state-of-the-practice. While
contours are clearly the more preferable technique they are unacceptable
to building officials who must adopt and then enforce code provision, sc a
compromise had to be made.

The code provisions for lateral force would be obtained usging the
following coefficient Cg with the weight of the structure

1.2A,8
Cg =
2/3
RTa
where S is the scil factor as given in Table 1 below.

Ty 1is a simplified approximation to the fundamental building
period for use in defining base shear

R is a response modification factor based primarily on
ductility and damping considerations

TABLE 1

Soil Profile Coefficient
Soil Profile Type
A B _C
5 1.0 1.2 1.5
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The three soil profile factors defined as follows:
Soil Profile Type A is a profile with:

1. Rock of any characteristic, either shale-like or crystalline
in nature. Such material may be characterized by a shear
wave velocity greater than 2,500 feet per second, or

2. Stiff soil conditions where the soil depth is less than 200
feet and the soil types overlying rock are stable deposits
of sands, gravels, or stiff clays.

Soil Profile Type B is a profile with deep cohesionless or stiff clay
conditions, including sites where the soil depth exceeds 200 feet and the
soil types overlying rock are stable deposits of sands, gravels, or stiff
clays.

Soil Profile Type C is a profile with soft— to medium=-stiff clays and
sands, characterized by 30 feet or more of soft— to medium-stiff clay with
or without intervening layers of sand or other cohesionless soils.

The maximum value of Cg is controlled by the quantity of ‘Az in the
following way. The value of Cg need not exceed 2.5 Ay/r for Types A, B and
C soils except where A, is equal to 0.3 or greater. In that case Cs need
not exceed 2.0 Ay /R for Type C seoils. Examples of the lateral force
coefficient curves given by this relatiouship are shown on Figure 3. The
similarity of the form of these curves to spectral averages obtained by
Seed et al [38] can be seen by comparison with Figure 4. The simpler con-
cept describes the Lateral Force Goefficient by inmcluding site conditions
directly and removes the requirement that Tg be computed.

The most significant change of all is the formal recognition that
ground shaking larger than that recommended for design has a small but finite
probability of being exceeded. Although previous code commentaries did not
guarantee successful performance if the requirements were conformed te it
was implied that they would be resisting major earthquakes. TFor example, the
commentary to the Structural Engineersof California Recommended Lateral Force
Requirements discusses resisting major earthquakes "of the intensity of
severity of the strongest experienced." The recognition of a finite
exceedance probability allows the treatment of earthquakes in a manner
similar to other natural phenomena such as winds and floods. It also
requires the careful consideration of the level of uncertainty in the choice
of ground motion. Some aspects of this uncertainty are covered in a later
section of this paper.

It is not possible to review in this paper different approaches to
ground motion evaluation used in codes of countries other then the United
States. Although approaches vary all codes are for regulatory purposes
only. It is a simple but true observation that good design, including
seismic design is impossible to achieve by legislation alone. Special
structures currently use more sophisticated design procedures and require
definition of design motions in more detail. This definition is usually
done in a deterministic way either as a design response spectra, a design
time history or both. Little consideration is given, once these determin-
istic parameters have been selected, to any possible design considerations



that might be altered if the bases of the choice were more widely appreciated.
Much judgement is required im the selection of design motions and different
individuals will judge different levels of conservatism for design as being
adequate. The building code or its equivalent will set the minimum standard.
The question which remains to be answered is: how can a procedure be estab-
lished to provide guidelines that might lead to a repeatable and reliable
means of selecting ground motion?

STATE-OF-THE-ART

Interest has grown in the direct application of strong motion records to
the design process since the first accelerograph records were obtained in the
1930's. Since that time the number of strong motion records has increased
almost exponentially. The February 9, 1971 San Ferrmando earthquake provided
the first opportunity to directly examine a large set of records from a single
event to find possible effects related to soil profiles [13,17], location with
respect to upthrown or downthrown block [2], etc. By the use of statistical
procedures it has been possible to estimate not only the most probable values
of the principal seismic parameters but also the amount of variability of these
parameters. As these ground motion and spectral parameters are of direct use
and interest in reinforced concrete design they will be addressed in moderate
detail.

Before describing specilfic ground motion quantities and effects the
probability of occurrence of the design motions should be considered together
with the option of one or more design levels representing different loading
conditions. The most familiar dual level requirement is that of the Nuclear
Regulatory Commission in the United States, The upper of the two levels, the
Safe Shutdown Earthquake, is represented as the maximum earthquake which a
structure is likely to ever experience based on the geology and tectonics of
the region. The lower level can be decided on purely economic grounds but is
usually not. The Nuclear Regulatory Commission requirements state that the
plant must be closed down for detailed inspection after the lower level motion
has been exceeded. Until recently the motion levels for the lower level event
were established as one-half of the safe shutdown earthquake. Probabilistic
procedures are now accepted as a means of justifying a lower value.

While it had been thought that the safe shutdown earthquake represented
close to the maximum possible event at the site, careful probabilistic and
seismologic studies have suggested that the safe shutdown event motion levels
have an annual probability of exceedance of 1 x 10~% to 1 x 10-5.

Probabilistic techniques are well described in the literature [4,6,7,8,
12,14,20,29] and other investigations [13,18,19,21,42] have studied the
seismologic and geologic parameters which must be included in any probabilistic
evaluation of design ground motions. Algermissen and Perkins [1] have produced
a map of the contiguous states showing contour levels of peak acceleration in
rock with a 90 percent probability of not being exceeded in 50 years. Their
map was the starting point for the development of the ATC-3 acceleration map
shown on Figure 1. There are several important points regarding the
Algermissen-Perkins map which should be mentioned. They used in their study
attenuation relationships published by Schnabel and Seed [37]. Unfortunately
the Schnabel-Seed relationships do not represent mean values and their degree
of uncertainty is not known so incorporation of this important factor into the
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work of Algermissen and Perkins will present some difficulties. The seismic
source zones chosen by Algermissen and Perkins represent their best estimates
based on available information. There are additional reasons why the Applied
Technology Maps differ from those of Algermissen and Perkins. . These are
discussed by Donovan et al [15].

PEAK ACCELERATION

Peak acceleration has been the most widely used single strong motion
parameter in studies of earthquake behavior. 1Its only advantage has been its
ready availability especially as obtained from a paper or film record from
a strong motion instrument. The lateral force coefficient on a structure is
taken as some portion of its weight so the lateral force can be related to the
acceleration of gravity. It should not and cannot be related to peak instru-
mental accelerations. Although conclusions to complex studies have been based
on comparison of observed and computed peak accelerations peak acceleration is
a notoriously inconsistent and widely varying parameter. The range that this
variation can sometimes cover is shown on Figure 5 where data points obtained
from strong motion instrumentation during a small, magnitude 3.3 earthquake
which occurred near Ferndale, California on June 7, 1975, are compared with
estimates of peak acceleration using different relationships. Some of the
values on Figure 3 lie outside 2 standard deviations from the mean values upon
which the Donovan and Esteva curves are based. 1In the near field recent work
by Hanks and Johnson [26] has suggested that for magnitudes above 4.5 peak
acceleration may have no relationship to either the earthquake size or the
true severity of ground shaking on structures,

With such limitations why is acceleration still in use as a design ground
motion parameter? The use of an acceleration term is retained as a scaling
term against which all other design ground motion terms are related. In this
usage the instrumental peak acceleration is not used. The Applied Technology
Council Study adopted a term called Effective Peak Acceleration (EPA) which is
defined in the following way. '"For a specified actual ground motion of normal
duration, EPA and EPV (effective peak velocity) can be determined as illustrated
in {Figure 6]. The 5 percent damped spectrum for the actual motion is drawn
and fitted by straight lines between the periods mentioned above (see figure).
The ordinates of the smoothed spectrum are then divided by 2.5 to obtain the
EPA and EPV. The EPA and EPV thus obtained are related to peak ground accel-
eration and peak ground velocity but are not necessarily the same as or even
proportional to peak acceleration and veloeity."

The EPA value therefore is similar in magnitude to the average instru-
mental maximum value but should not be expected to be equal to any individual
value, This same form of spectral averaging using neormalization of response
spectra to produce design motions has been performed by many investigators
[5,23,24,25,32,33,34,38] since the first averages of Housner [27].

The uncertainty in the data set has been included in the derivation of
acceleration attenuation relationships by Esteva [19,20,21], Donovan [10,11],
McGuire [31], and Donovan snd Bornstein [14,16]. Trifunac and Brady [41] have
published relationships but location of a distinct measure of parameter
uncertainty in their papers is not possible, Their values are summarized in
Table 2., As the relationships are expressed in exponential terms and the
varlability is known to be lognormally distributed the factor listed is more
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significant then the standard deviation. This factor is the quantity by
which the mean value must be multiplied to find the value one standard
deviation higher than the mean value.

TABLE 2

Estimates of Uncertainty

Standard Deviation

Author Lognormal Factor
a) acceleration
Esteva 1970 1.02 2.8
Esteva & Villaverde 1973 0.64 1.9
Donovan® 1973 0.48 I.6
Donovan 1973 0.71 1.3»1.6
Donovan & Bornstein**1975 0.3 »0.5 1.4>1.7
Seed et al¥®* 1976 0.3 +0.5 1.7
MeGuire 1974 0.51
b) veloeity
Esteva 1970 0.84 2.3
Esteva & Villaverde 1975 0.74 2.1
McGuire 1974 0.63 1.9
c¢) displacement
McGuire 1974 0.76 2.1

% San Fernando data only

%% Gite specific relatiomship

#%%Seed et al data are sorted by site characteristics
and consider only one magnitude level

The values show that when a complete data set is considered without the
clagsificatlon of site conditions the multiplication factor which is used to
obtain a value one standard deviation greater than the mean value may be as
large as 2. There is not much data published regarding the standard deviation
for site specific acceleration data but Donovan and Bornstein estimated that
for accelerations on rock and stiff soil sites the standard deviation may be
reduced to below 1.5. What this implies is that even when we know what the
gite conditions are and we know the location of the probable source we still
have only a 70 percent chance of measuring a value within plus or minus 50
percent of our computed quantity.

VELOCITY AND DISPLACEMENT

Velocity and displacement have been examined in two different ways.
Probably the more common method In use at the present time is a comparison of
the peak velocity and displacement with the peak accelerarion [24,25,32,39].
Some efforts have been made by Esteva and McGuire to develop direct attenua-—
tion equations for peak velocities and displacements. Velocity and displace-
ment data exhibit much more scatter than acceleration and are greatly affected
by site conditions but in a different way. Whereas high rock accelerations
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may be attenuated by a soil profile and small accelerations may be amplified,
velocity and displacement values tend to be amplified at most motion levels,
The standard deviation factors for some velocity and displacement equations
are alse included in Table 2.

The direct comparison of peak velocity and peak acceleration was under-
taken by Mewmark and #all [33] and has been repeated by others. Site con-
ditions have not been considered by Newmark and Hall, but Mohraz [32] has
extended work he initially performed with Hall and Newmark to include these
effects. Some of the basic relationships are given in Table 3, While Table
3 shows the similarity of results by different investigators, Mohraz is the
only one to show the standard deviation multiplier., These values in Table 3
show that the uncertainties in the quantity ratios from specific events are
approximately equal to the uncertainty between the individual gquantities
themselves, The attenuation relationships proposed by Esteva and McGuire
are magnitude dependent and will give different v/a ratios for different
magnitude and distance values, The values in Table 3 do not include magni-
tude and distance, so a comparison of the range of values predicted by use
of the mean attenuation equations of Esteva and McGuire could be of value.
If the range of magnitudes is varied between 4.5 and 7.0 and epicentral
distances are varied beiween 1 and 65 kilometers (0.6 to 40 miles), then the
variation of the v/a ratio for Esteva (1973) is between 81 and 119 cm/sec/g
(32 to 47 inches/sec/g) with a mean value of 102 em/sec/g (40 inches/sec/g).
Similar values for McGuire vary between 60 and 133 cm/sec/g (23 to 52
inches/sec/g) with a tnean value of 89 cm/sec/g (35 inches/sec/g). The vari-
ation in the ratios computed directly from the equations are in accord with
seismological observation that the velocity-acceleration ratioc should in-
crease with both increasing magnitude and increasing distance from the
sourece.

TABLE 3
Ground Motion Parameter Ratios
Standard
v Deviation
v/a /a v/a V/a Factor
Newmark-Hall Seed et al Mohraz Mohraz
Profile Type cen/sec/g cmfsec/g cmfsec/g
% s L S
Rock 61(24)%% 66(26) 61(24) 69(27) 1.58 1,63
Stiff Soil - 114 (45) —_— —_ _— =
Deep Sand - 140(55) 76(30) 91(36) 1.53 1.61
Alluvium 122(48) - 122(48)145(57) 1.44 1,49

% Mohraz consldered horizontal data in two sets. I comprises the set
containing the largest horizontal component from each site and the
S set contains the lower value,

*% Numbers in parentheses are in units of inches/sec/g.
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RESPONSE SPECTRA

Average response spectra including some estimates of the uncertainty
have been published by Newmark et al, Blume et al, Seed et al and Mohraz.
The procedures for averaging require normalizing some quantity within the
response spectra. All Investigators have used normalization of the peak
acceleration for some portion of thelr study. Seed et al used this
normalization throughout, even in areas of the spectrum where velocity
and displacement control., The other investigators used different normali-
zations for different frequency ranges and then were able to form an average
spectrum based on the separate components, The procedures by which the
spectra are constructed are reasonably familiar and will not be described
here,

The estimates of uncertainty appear to vary slightly across the
spectrum but are not great enough to warrant special attention, In Table
4 the average ratio between the mean response spectra coefficients and the
mean plus one standard deviation coefficients are shown for three different
damping levels, As these spectra are computed from selected data sets and
are not based on the total data the standard deviation should be expected
to be slightly reduced.

TARLE §
Spectral Uncertainty

Averaged Across Spectra

Damping Level Blume-Newmark Mohraz Seed et al
Average 1.42 L.41 ——
1.37 1,36 1.4
1.30 1.31 ———
SUMMARY

It can be seen that no matter how ground motion input for design is
defined 2 large amount of uncertainty exists, This uncertainty must be
recognized and it nmust be included in the selection of the total criteria
used for design. It is imperative, however, that the uncertainty of the
whole project be included in the design study rather than compounding the
uncertainty of each individual part. Unbridled conmservatism could quickly
lead to ridieculous criteria. If a comservative acceleration is chosen and
then spectra are constructed using conservative ground motion ratios and
spectral amplification factors, it is an easy step to end up with criteria
that ate up to 4.5 times the most probable or mean value., This only relates
to the ground portion of design. When each step is considered in this way
the use of maximum conservatism is uncomscionable . It is important to urge
that the uncertainty in design be considered so that the total degree of
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conservatism 1s not much greater than that existing in the selection of
individual parts. TFor example, the choice of mean acceleration values and
ground motion ratios with conservative spectral amplification values is a
useful starting concept.

NEW DIRECTIONS

As the previous section has shown there still exist major unresolved
problems relating to the uncertainty of ground motion parameters. Part of
the problem has been due to the separation of parts of the problem between
disciplines. The seismologist and geophysicist may consider the uncertainty
of the representative peak parameters; the earthquake engineer may then
ignore the uncertainty in these parameters but consider the uncertainty in
the spectral parameters on the basis that the prior numbers are known.

Although it was never explicitly stated it was the intent of Newmark
and Hall in recommending the use of mean plus one standard deviation response
spectra that mean values would be used for the basic parameters. Fortunately
this original intent has been ignored. Page [35] has made the spuriocus
asgertion that the largest peak acceleration measured is primarily a function
of the number of instruments deployed. It is reasonable to expect to get a
larger maximum as the data set increases in size, At the same time as the
largest maximum values increase the mean value will become more firmly es-
tablished., Statistical evaluations and studies must be based on mean values
even if they are from a set of maximum values.

There is evidence that some 'of the apparent scatter of data may be re-
duced if data sets are processed differently. The ratic between the motion
peak and the root mean square value over a carefully defined duration
[9,11,28,41] has been used in some probabilistic applications [10,22,30].
Recent studies using r,m.s. techniques for both time histories and response
spectra are summarized in a paper prepared for this workshop by Shah and
Mortgat [40]. These procedures appear to offer the most promise in better
defining typical ground motion parameters for design use by giving more
stable quantities.

CONCLUSIONS

It is readily apparent from observatlion of the values in Tables 2, 3
and & that there is a larger degree of uncertainty in presently used tech—
niques of selecting design ground motions. Large projects require the
participation of professionals from different disciplines. It is expected
that each would apply some measure of conservatism to his recommendations.
The cumulative effects of this continued conservatism are rarely considered
for the total project. The effects of such accumulations in the geotechni~
cal field have heen aptly demonstrated by Peck [36],

Much of the strong dissension that has occurred in the fields of
ground motion evaluation and selection has probably come about from
research and studies which have examined portions of the seismlc problem
in great detail while ignoring other possible effects of equally large
significance,
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WORKSHOP ON EARTHQUAKE-RESISTANT REINFORCED
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STATE~OF~THE-ART TN ESTABLISHING DESIGN EARTHQUAKES
by

Vitelmo V. Bertero
Professor of Civil Engineering
University of California, Berkeley

INTRODUCTION

The main objective of this paper is to review the state-of-the-art in
establishing design earthquaskes by locking at the role of earthguake ground
moticons in the oversll problem of seismic-resistant design of bulldings
rather than Just the isolsted problem of predicting grouwnd mobtions from a
geophysicgl, seismologicel, scil mechanics or any other specialized point
of wview.

The need for looking &t the esteblishment of design earthaguskes from
this overall point of view has been pointed cut in a recent paper by Biggs,
et al, [1]. In this paper the authors made a partial assessment of the
state—-of-the-art of seismic design, pointing out that slthough the past two
or three decades have witnessed marked improvements in the analysis of
mathematical models subject to seismic input, there has not, wmfortunstely,
been a corresponding improvement in the ability to design structures for
earthquakes. Analysis has far ocutstripped practical utilization of the results
for design purposes. The paper indicated that the difficulties encountered
in the application of analytical methods to seismic desigh arise from uncer-
tainties regarding the details of a ground motion and from the inherent
sensitivity of the response of the structural system of interest to the
detall of the grownd motion input. It was further noted that the inadequacies
of present methods of seismic design of building structures are not only
derived from these uncertainties but that they reflect inadequate consgidera-
tion of the earthquake risgk and associated costs involved.

The need for more comprehensive assessment of risk and cost has also
been discussed by Bertero and Bresler [2]. To achieve an optimum design, an
estimate of the economic losses resulting from failure is required. The
term "failure" ag used herein is synonymous with "inadmissible limit states"
and includes all modes of undesirable behavior {from superficial damage to
collapse) which may render buildings unfit for use. Therefore a logital
approach t¢ the geismic design and construction of a structure is that of
comprehensive design [2]. In applying this approach it should be recognized
that building damage may result from different effects of an earthquake:

(1) ground failures due to fault ruptures or those due to the effects of
seismic waves {soil vibrations creating fissures, landslides, lurching,
nonuniform compaction and agsociated differential settlement, and liguefac-
tion); {2) vibrations transmitted from the ground to the structure; {3)
seismic sea waves {tsunami) and tsunami-like disturbances and seiches in
lzkes; and (4) other consequential phenomena such as fires, and floods caused
by dam failures and by landslides plugging rivers or increasing the water
level of lakes.

The effect which usually concerns the structural engineer, and is
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presently accounted for by selsmic-resistant design provisions of building
codes, 1s the response of a structure to ground sheking. This is the only
source of seismic damage that will be comsidered in this psper, but it should
be recognized that in evaluating demagesbility of s building during its
service 1life that the effect of other main factors on both demand and capa=-
city of the building must not be neglected, These factors include saging,
changes in use, occupancy, or socio-economic conditions, structural sand
nonstructural modification, fire demege and repsir, corrosion, ete. [2].

According to the gbove remarks, to achleve an efficient earthquake-
resistant building construction, the designer must pay careful sttention to
the totsl seismic design and econstruction process. The various phases of
this process begin with evaluation of the seismic threat and representation
of the ground motions {establishment of design earthquekes), continue with
the selection of proper structursl layout and prediction of the mechanical
behavicor of the whole soil-bullding system, down to the detailed propor-
tioning and detailing of the stiructural component together with their
connéchions and supports, and conclude with the final construction and
mainteénance of the building during its service life (durability).

The main design aspects that should be considered as well as their
interrelationships are summarized in the flow diagram of Fig. 1. According
to this diagrsm the first and perhaps most difficult step is the establish-
ment of the design esrthquakes.

In this report the review of the state-of-the-art in establishing design
earthquakes is carried out by first evaluating present methods. This is
followed by a review of studies that have been performed to evaluate the
religbility of inelastic design response spectrum methods. Finally, sug-
gestions for future research in this area are offered.

EVALUATTON COF PRESENT METHODS OF PRESCRIBING DESTGN EARTHQUAKES

Conceptually, the design earthquake should be that ground motion which
is "eritical," i.e. which drives the structure to its critieal response.
The application of this simple concept in practice meets with serious
difficulties, however. This is because first, the ground motion is very
complex, and secondly, even for a specific structursl system, the critical

- response will vary sccording to the different limit states that could control

a design. Purthermore, the detail of the design earthquake (or ground motion)
will depend on the design problem at hand. More specifically, if the problem
is to obtain only the design seismic forces for a preliminary design, the
design easrthquake could be specified in the form of a smoothed response
spectra. On the other hand, if consideration is given only to the final
design--the proportioning and detailing of the c¢ritical regions of & struce
ture--or to study of the reliability of a selected design, it will be necessary
to specify time-history ground motions. In this sense the establishment of
adequate design earthquskes is analogous to the establishment of proper
material stress-strain diagrams for predicting mechaniceal behavior of struc-
tures.

The ground motion experienced st & site is a complex function of the type
end characteristies of the source mechanism, the nature of the intervening
geological structure, and the topographical and soil conditions near the site.
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A common design simplification is to consider only nonconcurrent action of
horizontal, translational ground components, For sites near the earthquake
source, it may be necessary to base structural response evaluations on the
simultaneous action of all six ground components [3] and to consider
realistically the nonlinear soil-structure interaction rather than to use
predicted free-field ground motions.

Actual records of all ground motion components should be obtained in
future earthquakes in order to study thelr effects on building response and
to determine the minimum date required by structural engineers to define
design earthguakes.

At present it Is very difficult to predict accurately the response of a
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building to this complex ground moticn sinece, depending on the fumction and
type of structure, different limits of usefulness (limit states) can control
the design. In the past it has been recognized that at least two main limit
state cases should be considered: cne in which the design is controlled by
serviceability limit states, and the other, by ultimate limit states, In
the former a structure should essentially remsin in its linear-elastic range
of behavior to avoid funetional failure; in the latter, inelastic behavior
up to the point. of incipient dynamic collapse could be tolerated. Examina—
tion of building damage resulting from recent severe seismic ground sheking
has revealed that although some buildings were far from reaching the collapse
limit state, the degree of nonstructural damasge was so great as to consbitute
failure. It was therefore deemed necessary to consider explicltly in seismic
design e third category of limit states based on demagesbility [2] which
would bridge the gap between serviceability at one end and safety against
coligpse at the other end.

An evaluation of present methods of prescribing earthguakes for each
of these maln limit states follows.

Serviceabllity Limit States

Seismic codes have specified design earthquskes in terms of a building
code zone, g site intensity factor, or, ag in most modern codes, as a peak
or effective site acceleration [4]. Reliance on such sn acceleration slone,
however, is generally inadequate. The following different methods have also
been recently suggested: response spectrum, time-history ground motion,
and design based on random vibrationsl amnalysis. In cases where service-
ebility limit states control design, structures should remain essentially im
their elastic range. For these cases and for structures located at moderate
distances from the source, it is generally agreed that one of the best ways
to specify the design earthquake is by a swoothed, linear-elastic design
response spectrum {LEDRS). Such a spectrum can be constructed from sta-
tistical analysis of elastic spectra obtained for appropriate accelercgrams
(real or simulated), or, by scaling the pesak ground acceleration, velocity,
and displacement from spectral amplification factors statistically derived
for various amounts of damping [5]. When only estimates of pesk ground
acceleration are available, reasonable values for the peak ground velocity
and displacement may be obtained by multiplying the grownd acceleration
(éxpressed as a fraction of gravity) by 122 cm/sec. (48,0 in./sec.) and 91 cm
(35.8 in.), respectively [6€].

As pointed out by Biggs, et al. [1], the only difficulty in using the
response. spectrum approach lies in the combination of médal components to
predict the pesk responses. The square root of the sum of the squares (SRSS)
of the modal pesks is commonly used with special consideration given to
closely spaced modes which may be additive.

The use of a specific time-history seismic ground motion (either actually
recorded, normalized to a desired peak intensity, or artificially derived) is
gttractive because it provides a deterministic result for the selected moticn.
However, any two motions may produce quite different peak responses even if
they have the same intensity and statistical properties. For design purposes
this would require analyzing for several motions, resulting in an excessive
amount of computations. The use of artificially derived motions, generated



from a prediected ground motion response spectrum or a spectral density
function, has the advantage over actual recorded motions in that a single
record can represent the predicted single-degree responge over the entire
frequency range. However, this does not eliminate the difficulty in
predicting peak responses because two statistically equal, artificial
motions remain different in detail and produce different results for
multi-degree systems.

The advantage of design based on random vibratlonal analysis ls that it
enables the true probabilistic nature of the seismic response to be
accounted for. This method easily produces the root mean square (RMS)
response in a single mode., However, difficulties arise in predicting the
ratio of pesk to RMS response and in combining modal response and as such,
certain assumptions must be made to obtain the total peak response.
Furthermore, the use of a probabilistic model is no less arbitrary than
when the model is deterministic [7); in the former the arbitrariness lies
in the assumption concerning the probability distribution underlying the
model. Nevertheless, it seems probable that design based on random vibra-
tional analysis will eventually prove to be the most satisfactory approach.

The difficulties encountered in all three methods stem from the same
problem, namely, that the detalls of the time-history ground motion which
have an important effect on the response of a multi-degree system, cannot
be predicted for a given site.

Biggs, et al. [1], summarized the results of studies at MIT in which
a four-degree, shear beam type system was analyzed for a group of 39 actual
earthguake accelerograms normalized to 0,38 peak ground accelerations.
Comparisons were made among (1) the statistics of the 39 pesk responses,
(2) the response predicted by the mean response spectrum of the 39 motions,
and {3) the response due to 15 artificial motions, all generated from the
mean spectrum. Typical results are shown in Table 1. The analysis of
these results indicates that:

1. Peak ground accelerabtion is not a sufficient indication of earth-
quake effects and use of actual ground motion records is not a reasonable
design aspproach (mote the large coefficients of variation, greater than 0.40).

2. Response predicted by a response spectrum analysis using SRSS modal
combination based on a mean response spectrum of the 29 accelerograms agrees
very closely with the mean of the 39 time-history analyses. The came is
true for the mean plus one standard deviation or any other probability level.
Thus the much simpler response spectrum methed produces a reliable predie-
tion of many motions at the site and eliminates the nsed for numercus time-
history analyses.

3. Means of the 15 response obtained from 15 artificial motions all
generated from the mean response spectrum agree very closely with those
obtained by the other two methods. Despite identical statistical properties
of the artificial motions, however, the coefficients of variation are still
large (greater than 0.24). In fact, the ratic of maximum to minimum response
for the 15 motions exceeds 2 in all cases. There are two reasons for this
variation. First, it is impossible to match exactly the response spéctrum,
and secondly, for different motions the modes cowbine differently to produce
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TABLE 1
PEAK INTERSTORY ELASTIC DISPLACEMENTS OF FOUR-STORY BUILDING,
FUNDAMENTAL PERIOD = 1.13 SECONDS

(From Reference 1 - Reprinted by permission of Preatice-Hall, Ine., N.J.)

SRHES Medsal
Time-Histoxy Anslysis--Mean Time-History
Analysis of (or Mean + O) Analysis of 39
Story 39 Earthquakes¥ Responge Spectrum Artificial Motionst
1 0.122 0.123 0.133
2 0.107 0,10 0.155
3 0.092 0.088 0.093  Me=n
L 0.063 0.059 0.064
1 O.Igh O.lgg -
2 0.169 0,1 -
3 0.137 0.131 — Mean + ¢
Y 0.089 0.083 -
1 0.58 —_— 0.25 .
: - o5
E g'ig :: 8'22 variation

#¥Normalized to 0.3g peak ground accelerations.
tA1l generated from mean response spectrum.

the peak response. Thus artificial motions do not solve the problem and
if used for design, several must be employed to ensure a safe result.

Response to a particular time-history input may be significantly affected
by slight changes in the natural pericd (Ty) of the structure. Sinece for
real structures T cannot be computed accurately, when time-history ground
motions are used for design it is necessary to assume a range of values for
Ty which further complicates the procedure. 3By using a smoothed response
spectrum, the slight changes in Ty become considerably less imporbant.
Because of the large variation that can exist in the estimabion of T in
actual buildings, however, it is s$ill convenient to use at least the
possible bounds of Ty rather than just one computed value.

In summary, Biggs, et al. [1] concluded that for elastic design, the
approach based on the use of a smoothed response spectrun is the most
reliable and certainly the most convenient. Design based on random vibra-
tional analysis 1s of interest because of its rationality, bub further
development is required before practicing engineers will De comforsble with
thig spproach. As pointed out by Doncvan [8], the danger of complex design
procedures is that they can give a false sense of achievement. Thus for
cases where serviceability limit states control design, the most effective
way of defining the design earthguake is through the use of an LEDRS.

Simpple methods suggested for the construction of such a spectrum have
been based on so-called standard severe earthquake motions at moderate
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distances from the causative fault. For hullding sites located near such
faults, however, the LEDRS should be based on the actual maximum values
that can be expected for the parameters defining the ground spectrum:
effective ground acceleration, velocity, and displacement [9]. These
valuses should be determined from analysis of available rscords and/or from
theoretical predictions based on the faulting process at the causative
fault. Estimates of the peak ground velocity and displacement obtained by
multiplying the expected ground acceleration by suggested coefficients
obtained from analysis of standard earthquake ground motions slone can lead
to unconservative values of LEDR3 [9]. If no records are available for
sites near causative faults, and if acceptable predictions of the effective
peak values for the ground accelerstion, veloeity, and displacement cannct
e made, then establishment of the critical earthquake ground motion should
be based on techniques suggested by Drenik, Wang, and Wang [10], or Hoshiysa,
Shibata, and Nishiwaka [11].

Further studies on the subject of spectral amplification factors for
different amounts of damping are needed. 8Significant differences were
found between the values of the ratio of maximum elastic responses cor-
responding to different smounts of damping and those corresponding to
presently suggested amplification factors [9].

Ultimate Limit States

It is generally not econcmically feasible to design buildings near
faults for the forces indicated by LEDRS. Lower design forces may be used
if it is possible to take advantage of a building's ability to absorb and
digsipate energy by inelastic deformations. To ensure safety against
collapse or to avoid large economic lcsses due to damage, however, inelastic
deformgtions must be kept within acceptable limits.

One of the most urgent needs in ERCEC is the development of a relisble,
yet practical, design procedure based con inelastic behavior congidering the
two main categories of the ultimate state design, that is, damagesbility and
collapge, In developing this procedure, one of the main problems Is to
establish reliable design earthquakes.

The design of conventional bulldings according to code requirements
anticipates inelastic behavior during severe earthquskes although the degign
is normally based on elastic analysis. Current code procedures based on
equivalent static force and elastic analysis are not satisfactory.

At present only time-history analysese offer reasoneble prediction of
the response of mylti-degree-of-freedom {MDOF) systems—-models——in the
inelastic range. Problems in using time-higtory motions as input for
practical preliminary design include the difficulties in reliably modeling
hysteretic behavior of a real building and the computational effort reguired.
This effort is considerably greater than required in the case of linear-
elastic design because different mechanical models of the expected hysteretic
behavior {or at lesst their bounds) must be considered. Moreover, because
the variability in response to different possible ground motions is con-
siderably greater than in the elastic case, design cannot be relisbly based
on & single motion.
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To emphasize the importance of the variability in response to different
possible motions, the results.obtained at MIT and reported by Biggs, et al.,
in Reference 1 are briefly discussed. The four-degree, shear beam type
system considered in the elastic analyses, whose results are presented in
Table 1, has been assumed to have at each story an elasto-plastic resistance
function with a yielding resistance at each story proportional to the first
mode elastic story shears.

Typical resulte, in the form of interstory duetility ratios, obtained
under the same 39 recorded and 15 artificial time-history ground motions
considered for the elastic case of Table 1 are shown in Table 2. Comparison
of the results presented in these two tegbles indicates:

TABLE 2
PEAK INTERSTORY DUCTILITY RATIOS OF FOUR-STORY BUILDING,
FUNDAMENTAL PERIOD = ]1.13 SECONDS

(From Reference 1 — Reprinted by permission of Prentice-Hall, Ine., N.J.)

Analysis of Anazlysis of 15

Story 39 Earthquakes¥® Artificial Motionst

1 5.7 b.oh

2 2.6 3.2

3 4.0 5.0 Meun

i 9.7 13.8

1 1.23 0.h2 Coeffi-

2 O'tg O'3é cggntlof

3 Q. 0.2 . pa

i a.hg 0.39 Variation

1 38.6-0,8 10.2-2.6

2 5.9-0.8 5.6-1.9 .

3 §.9~1,0 T.6-2.9 Max.-Min.

N 27.8-2,2 21.1-7.0

*Normalized to 0.3g peak ground acceleration.
+A11 generated from mean response specbrum.

1. The means for the two sets of ground motions differ congiderably in
each story, although the average over the four stories are similar.

2. The ductility ratios are much higher in the bottom and top stories.
This behavior is not predicted by elastic analysis, indicating another
inherent difficulty in design for inelastic behavlior, namely, that of
achieving uniform, or any obther designed, ductility ratios throughout the
structure.

3. The coefficients of variation are generally larger in the inelastic
case than in the elastic case.

L, The differences in the maximum and minimm responses for both sets
of motions are rather dramatie. This further illustrates that any two:



motions, slthough presumed similar, may produce radically different inelastic
responses and any particular motion may be unconservative for design.

Analysis of the individual responses to the 39 recorded motions shows
that the yielding structure has an "effective inelastic period" longer than
the elastic period. While 1ittle correlation was found between the peak
response and the ordinate of the response spectrum at the elagtic period,
there is some correlation at the effective inelasstic pericd. Designers
should be cautious in cases where a lengthening period may result in greater
elagtic response.

This last observation has led some researchers to suggest the possibility
of using elastic response spectrum to predict peak inelastic response by
estimating the expected effective inelastic period. Unfortunately, this
effective period cannot be easily predicted, particularly in the case of MDOF
systems.

To further study the relisbility of present code precedures, ancther MIT
study [1] is considered. In this case, several typical buildings were
designed according to the UBC and then analyzed to determine the inelastic
response due to a strong artificizl ground motion. The time-history of this
motion was generated from postulated elastic response spectrim. Five designs
were made for each building corresponding to UBC zones 0, 1, 2, and 3 plus a
zone 4 with a seismic coefficient of 2. The results of Fig. 2 indicate that

with one exception, CSW-11 (a shear wall building with relatively short natural

period), =n increase in the design zone had little effect in reducing the
required amount of average interstory ductility. The results also showed
even less reduction in the peak interstory displacements and a very poor
distribution of yielding over the height of the building. Thus it was con-
eluded that:

1. Increasing the design zomne does little to reduce damage in a strong
earthquake. The writer would like to add that thisg observation applies only
to the strong ground motion considered in these analyses. As will be dis-
cussed later, the use of other severe earthquakes with different detailed
dynamic characteristics (severe, long duration pulses) may have shown the
opposite effect.

2. The code procedure does not provide the designer with effective
means of improving the building's performance since s/he 1s not given direct
control over the response parameters {peak interstory displacement and duc-
tility ratios) causing damage.

i An improvement over the simple code procedure is to specify the design
earthquakes for ultimate limit states through the use of inelastic design
response spectra (IDRS).

Preliminary design leoads can be obtained from IDRS derived by evaluating
the nonlinear dynsmic response of structural models with realistic hysteretic
idealizations subjected to various ground motions with characteristics appro-
priate to the site, e.g. see Reference 12. Simpler methods which directly
modify LERS to obtain TDRS using factors based on the elasto-perfectly
plastic response of single degree-of-freedom (SDOF) systems [6] are more
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commonly used [13,14].

8 The use of these types
CSW—Concrete Shear Wall of IDRS permits to design
- SMRF—Stecl Moment Resisting Frame for specified ductility

CMRF—Concrete Moment Resisting Frame

Numbers indicate stories and drift ratios. How-

ever, these methods are
based on limited numbers
of ground motion records,
and, as their proposers
have pointed oubt, they
gshould be used with
caution when applying
them to sites that can be

Average ducrtility ratio g Av. (0.27q)

CMRF-8 subjected to significantly
[~ 4 — different kinds of ground
CMRFE-11 motions. Furthermore,
| 1 1 such methods may not be
i3 1 2 Seismic coeff. suitable for MDOF sys-
[ 1 1 IV Zone tems, or in cases where
FIG. 2 FEFFECT OF DESIGN ZONE ON AVERAGE the actual hysteretic
DUCTILI®Y RATIO (From Ref. 1 - Reprinted behavior is likely to

by permission of Prentice-Hall, Inc.,N.J.) differ from the assumed
elasto-plastic idealiza-
tion [6,9]. A valusble discussion on the basis and limitatiens of these and
other more precise methods for construeting IDRS directly from LEDRS can be
found in References 15-18.

The IDRS derived from response spectra of SBDOF systems does not eliminate
the difficulty of achieving wniform (or any other desired pattern) yielding
end story Qrift over building height. The seriousness of this problem was
demonstrated by results of studies carried out at MIT and Berkeley. In the
MIT studies summarized in Reference 1, simple shear beam models, designed
by IDRS derived as suggested by Newmark and Hall [6] were emalyzed to obtain
the inelastic response to an artificial motion matching the design spectrum.

A typical result is shown in Fig. 3. While the average interstory distor-
tions are very close to the design values, the distribution over the building
height is far from uniform. No satisfactory means for controlling this
distribution was found. The problem is further complicated by the sensitivity
‘of the results to the assumed resistance function, which cannct be predlcted
with confidence. TRepeating the analyses using a trilinear function, the
distribution was slightly improved, but when a stiffness-degrading model was
employed, excessive distortions were computed in both the top and bottom
stories.

A new design procedure proposed by the Applied Technology Council (ATC)
and experimentally applied to several buildings in the ATC-2 project [13]
utilizes IDRS derived from LERS and also attempis to contrel local menmber
ductility ratios and interstory arifts. For practicability, however, the
method 1s based on elastic modal analysis, and ductility ratios are computed
on the basls of the peak elastic distortlon and the yield limit distertion.
As pointed out by Biggs. et al. [1], this procedure is questionable since
local, inelastic distoriions may be quite different.

The studies carried out at Berkeley [9,19-22] show that the validity of
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deriving IDRS directly from the
LEDRS can be seriously questioned
because the types of excitations
that induce the maximum response
in elastic and inelastic systems
are fundamentally different. The
information used for computing,
and therefore contained in, LEDRS,
although necessary, is insufficient
for predicting the maximum inelas-
tic dynamic response. This infor-
mation should be complemented with
data on the duration of strong
ground shaking and the number,
sequence, and characteristies of
intense, relatively long accelera-
tion pulses (i.e. pulses resulting
in large ground velocity incre-
ments) that can be expected.

N

-——— Average value

Design value

Story

Pl N1
1 2. a4 8

Ductility ratio

Duration of strong ground
shaking-~Before discussing the
reasons for having this infor-
mation, it is necessary to define
more specifically what constitutes
strong ground shaking and how the
duration of this intense part of
shaking can be established. No
unique level of ground acceleration
can be established as the thresh-

Story

Inter-story displacement, in,

FIG. 3 PEAK INTERSTORY DISPLACEMENTS AND
DUCTILITY RATIOS FOR BUILDING DESIGNED
BY IDRS (From Ref. 1 - Reprinted by
permission of Prenticé-Hall, Inc., N.J.)

old of strong ground shaking
beeause this level depends on many
factors. Of these, the most
significant are the dynamic

characteristics of the ground
motions and of the building, and the yielding strength of the building. The
problem is complex because both elastic and, particularly, inelsgtic respouses
are sensitive to the interrelation of these characteristics. The inelastic
response is sensitive to the possible deterioration in the dynamic charac-
teristics and yielding strength of the building with the history of its
hysteretic behavior. In determining the Juration of the strong motion, the
possibility of having one or more aftershocks should be considered.

It has been argued that the only information necessary for computing
LEDRS is the estimation of the peak responge (in this case, maximum displace-
ment ductility), which is not very sensitive to the duration of ground motion.
Although results obtained in a study at Berkeley [12] using four artificial
accelerograns with different periods of duration show thalt the influence of
these different periods was not large, gquantitative results obtained in other
studies recently conducted at Berkeley [9, 19-22] and MIT. [23] have clearly
shown the opposite. A review of the basic principles governing hysteretic
behavicr and failures of actual structures under generalized dynamic exel-
tations (such as those expected from earthquake ground motions) alseo show the
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important role that the duration of strong motion can have.

can occur as a consequence of "low-cycle fatigue' or "incremental deformations

Failures under generalized dynamic excitationg—-Collapse of a structure

i

under excitation intensities lower thah those required to induce instantaneous
collapse if these excitations are considered as monotonically increasing [24].
As pointed out in References 2 and 25, cumulative damage resulting from a
long, strong ground motion, a short main shock followed by a sucession of
aftershocks, or a combination of the main shock and another consequential
event or environmental exposure such as fire, can lead to either one of the
above two phenomena and therefore merits considerably more attention than

it has received.

Yamads and Kawemurs [26] have discussed an ultimate aseismic design

philosophy of reinforced concrete based on low-cycle fatigue. This type of
faillure is very sensitive to detailing and quality control of materials and
workmanship used in comstruction. IT errors in design or construction, or
lack of quality control of materisls and of workmanship are eliminated, then
application of adequate seismic design provisions with possible further
improvements [27], will result in struetural designs in which low-cycle
fatigue would not control the design, By detailing the expected eritical
regions of different structural memberg asccording to recently proposed

seismic code provisions for preventing sudden tensile failure of the steel,
delaying the inelagtic buckling and preventing early failures due to shear or
to crushing of confined conerete, the energy absorption and energy dissipation
capacity developed under cyelic reversals of deformetion having maximum
intensity will be so large as %o resist the energy input of even the toughest
of credible selsmic motions. Even under the most severe ground motions
recorded, the number of reversals that can occur between opposite peak defor-—
mations having the maximum Iintensity is not usually large enough to be of

serious concern [27].

It should als¢ be noted that under full reversals of

symmetrically yielding and strain-hardening or strain-softening structures,
the P-A effect is cancelled out (Fig, 4),

Sg & STORY SHEAR
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FIG.

STORY
DRIFT
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4 EFFECT OF P=A ON
HYSTERETIC BEHA-
VIOR INVOLVING
FULL DEFORMATION
REVERSALS [2]

Studies carried out at Berkeley have shown that
one case vwhere low-cycle fatigue could control the
design involves members that are used as structural
dampers to dissipste energy. One typical example
of such a case is that involving ccupling girders
in coupled wall systems [28]. However, failure
of these members does not necessariliy lead to
complete structural failure. Since these elements
act as safety Fuses between two different struc-
tural resistant systems, their failure would lesd
to a change in the dynamic characteristics of the
system rather than to a brittie failure of the
complete system. Low-cycle fatigue can be a
serious problem in structures that rely only on
energy absorption and dissipation throughout
shear deformation mechanisms and/or in bond siip-
page mechanisms.

A schematic illustration of the incremental
collapse, denoted as "crawling collapse,” is shown



in Fig. 5. Recent studies [9]
have shown that this type of
failure can control the aseismic
design of structures, particularly
those gt sites near the source of
seismic ground motions containing
severe, long acceleration pulses.
For example, the study of the
response of & multistory steel
Trame, optimally designed using

g nonlinear method, to seismic
ground motions derived from those
recorded during the 1971 San
Fernando earthquake shows that the
Trame will collapse due to the
type of incremental deformations
illustrated by the first story

" aZs A's——L— 255 ak

FIG. 5 P-A EFFECTS ON INCREMENTAL
COLLAPSE TYPE OF RESPONSE INDUCED BY A . s
displacement time-history response
SERIES OF SEVERE ACCELERATION PULSES[2] of Fig, 6. The denger of incre-

mental eollapse is aggravated by the high probability that seversl aftershocks
of intensities and dynamic characteristics comparsble to the main shock will
occur, As Newmark and Rosenblusth [251 have pointed out, it is not unusual
for a structure which is able to withstand a majJor shock with visible damage,
to eollapse during an aftershock.

AMthough the P-A effect is not a factor in failureg due to low-cycle
fatigue, it is of paramount importance in failures of an incremental collapse
type. As a structure iz deflected sway from its original vertical equilibrium
position, the increment in sidesway deflection under repetition of the same
scceleration pulse will increase since the structure's available net yislding
resistence against lateral Inertlal forces is considerably reduced by the
P-A effect (Fig. 5). Accumulation of these increasing incremental deflections
can lead to an instability phenomenon under a working load combination (gra-
vity forces plus wind or minor earthqukes). Assuming that increasing defor-
mations and numbers of reversal cycles may lead to deterioration in the
actual strength of the structure, the instability problem can be considerably
aggravated in actual buildings.

Number, sequence, and characteristics of intense, long-duration acceler-
ation pulses--The need for this informstion is evident in the results obtained
by applying the vibration theory to SDOF systems [19]. In the linear-elastic
case, the critical dynemic excitation is of a periodic type having a frequency
equal to that of the system which induces an engineering resonance phenomenon.
For this type of excitation, the dynamic magnification operator, D, can reach
a maximum value approximately equal to 1/2E. Thus, for values of § ranging
from 2% to 10%, D can attain values ranging from 25 to 5. Since the largest
value of D for an impulsive excitation is only 2, severe long acceleration
pulses are not usually critical for linear-elastic response.

In an inelastic system, such long pulses can become critical. This is
particularly true for a structure having a hysteretic yielding resistance,
Rys equal t0 or less than the inertial forece corrgsponding to the effective
ground acceleration of the pulege, X5, l.e. Ry < MXg, where M is the mass of
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the structure. In the case of elasto-plastic systems, the existence of
periodic, short aceeleration pulses in the ground motion contributes only to
building the response of the system up to its yielding level., Once the gystem
begins to yleld, the phenomenon of engineering resonance is depressed since
the energy dissipation through even small inelastic deformations 1s equivalent
to very large values of §. Therefore, large inelastic deformations are not
expected during each ylelding excursion. Although the existence of periodiec



short pulses can induce a series of yielding reversals, it is doubtful %that
the number of these reversals can lead %o the phenomenon of low-cycle fatigue.
This is hecause the amount of inelastic strain developed in each reversal will
usually be sc small that the number of reversal cycles required to induce
fracture would exceed the nuwber which can gcour, even in the longest con-
ceivable strong motion of an actual earthquake. This is so assuming that the
mechanism of energy dissipation is of a flexural type and that inelastic
buckling of the main reinforcement is restrained.

The above discussion indicates that the amplification factors to be
spplied to the maximum ground accelerations in order 4o obtain the maximum
linear-elastic response of a stiructure are usually controlled by the engineer-
ing rescnance phenomenon. On the other hand, considerably larger inelastic
deformations can be induced by the presence of Just one long pulse with an
effective accelerabtion equal to or just greater than that corresponding to
the yielding strength of the structure. Furthermore, repeated applications
of severe, long acceleration pulses can lead to the accumilation of suffi-
ciently large inelastic strains, which could induce one or a combination of
the two types of failure discussed above, i.e. low-cycle fatigue or incre-
mental (crawling) collapse. Of the two, the author believes the latter to
be the critical failure against which the structure should be designed.

It should be clear from the above discussion that the design earthquake
is not unique, even for a given site. As already pointed out, the critical
ground motion depends on the type of behavior that is expected to control the
response of the building at the site or on the limit states controlling the
design.

From results already available on the response of SDOF systems to impul-
sive forces, it is clear that in the case of seismic ground motions the larger
the Intensity of the effective acceleration of a pulse with respect to the
yielding strength of the structure, the shorter the rise time to the peak
cacceleration and the longer the duration of the pulse relative to the funda-
mental period of the structure, the larger the amount of inelastic deforma-
tions that will develop. However, in order to specify quantitatively the
inelastic design earthquake, it is necessary to determine (1) the severity of
the long acceleration pulses that can be developed during an earthquake, and
(2) the manner in which these pulses can be defined. An attempt to resolve
these problems follows by analyzing the few existing records in which these
kinds of pulses have been observed.

Analysis of 1971 San Fernando Earthguake Records

Severity of long acceleration pulgeg~-Tt is possible to address this
problem by analyzing the records of the two strongest moticns cbtained from
the San Fernando earthqueke February 9, 19T1. The only strong motion accel-
erograph record near the fault rupture of this earthquake was obtained at
Pacoima Dam {PD). A seismoscope record was alsc obtained at the sbutment of
the lower Van Norman Dam (VND}, which was located near the fault zone.

Pacoima Dam record--This record (Fig. Ta) contains the highest ground
acceleration registered to date, 1.25g. Beveral investigators [29,30] have
indicated that the lrregular surface topography in the wvicinity of the
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FIG. 7 SAN FERNANDO EARTHQUAKE NEAR-FAULT GROUND MOTION RECORDS [22]

accelercmeter significantly affected the frequency content of the record,
especially for frequencies gresber than 1 Hz. A serieg of analysee of the
dam and its adjacent geological structure led to a derivation of the ground
mobion at sites below the base of the dam (Fig. Tb) [30]. Since the objective
of the analysis was to remove the effects of local surface topography and
interaction of the dam with 1ts foundaetion from the original record, the
derived record is probably more representative of ground motions at other
nearby sites thaen the actusl PD accelerogram. It should be noted, however,
that the derived record was bagsed on an erroneous orientation initislly
reported for the PD record, i.e., the 5-15°-W component wes originally
identified as S-16°-E [29].

Examination of the derived Pacoima Dam (DPD) record (Fig., Tb) indicates
that the high peak accelerations registered in the PD record after 6 sec.
may not be characteristic of ground motions experienced at other nearby sites.
Both the actual and derived records, however, exhibit three severe acceleras-
tion pulses, each of about 2/3 sec., duration, between 2 and L sec. These



unusual acceleration pulses resulted in very large ground velocities (Fig. 7)
and incremental ground velocities [PD, 1.57 m/sec. (61.9 in./sec.); DPD, 1.39
m/sec. {Sh.6 in./sec.)]. They were also responsible for the unusually large

linear-elastic response spectrum values for periods longer than 0.8 sec. (Fig.

8).

Van Norman Dam records--The ground mcotion necessary to produce the seis-
moscope trace obtained at the abutment of the lower VND [located near the fault
zone, about 10 km (6 mi.) from PD] has been estimated [31]. The north component
of this record is shown in Fig. Te. Although many of the characteristics of
this ground motion differ from those of the PD records, as would be expected,
the ground motion exhibited a sgeries of severe, long acceleration pulses that

led to large ground velocity inecrements

ZOOVELOUTKIN/SEC i 5% DAMPING [1.72 m/sec. (67.6 in./sec.)]. These
PACOIMA DAM LOWER VAN NGRMAN long—duration acceleration pulses become
RECORD {SISWily ~ DAM RECORD (N-5) more evident when frequencies above 5

100 s Hz are filtered from the VKD record,

:; shown in Fig. Td.
50

Characteristics of near-fault
records—-Tt may be possible to determine
the characteristics of long-duration
acceleration pulses by examining records
of near-fault ground motions. Similar
ground motion characteristics have been
reported for several other earthquakes
gt sites on firm ground close to the
fault zone [25]. Analytical studies
based on simple two- and three-dimensional
fault dislocation models [29,32] have

N A B verified that the near-fault ground
o] 05 1 motions of the Ban Fernando earthquake
PERIOD, SECONDS were characterized by large ground
velocity pulses of the type exhibited
FIG. 8 LINEAR-ELASTIC RESPONSE by the records in Fig. B. These pulses
SPECTRA [9] are directly related to the faulting

process and are not a regult of loeal

geological conditions. Studies of stick-
VELOCITY fi—CALCULATED s1ip faulting [33-35] have also indiecated
1001 {em/sec) i that such wave forms are not unlque to
thrust faulting (Fig. 9). Such studies
have led Boore and Zoback [30] to con-
clude that pesk particle velocity may
be a better basis for establishing design
earthquakes than peak acceleration, and
that the initial portions of the PO
records containing the large veloeity
-100 L L i ) + 76 pulse may be appropriate for seismic-

resistant design of structures located
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acceleration and velocity for epicentral distances less than 15 km (9.3 mi).
Theorctical limits [36,37]1 of the pesk near—fault particle velocity have been
placed in the range of 1.0 - 1.5 m/sec. (L0-59 in./sec.}. Newmark and Hall
[6] have slso indicated that it is unlikely for the maximum ground velocity
to exceed 1.2 - 1.5 m/sec. (LB-60 in./sec). No estimmtes have yet been made
for the maximum incrementsl velocities or the associated pesk accelerations.
Another important factor to be determined is the minimum scceptable rise time
for each of these severe, long-duration sccelerations.

Romanian Eerthqueke of 4 March 1977 [38]

A trace of & copy of & record obtasined from a strong motion instrument
{SMAC-B 1967) installed at the Romanian Building Research in Pantelimon, in
the northeast sector of Bucharest, is shown in Fig. 10. The site where this
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FIG. 10 STRONG-MOTION ACCELEROGRAM RECORDED
IN BUCHAREST, N-8 COMPONENT [38]

record was obtained was loecated about 165 km (103.1 mi) from the epicenter
with a 200 km (125 mi) slant distance from the focus. The focus {hypocenter)
was estimated abt a depbh of 110 km {68.8 mi), and the earthquake had magni-
tudes of mp = 6.8 and Mg = 7.2. Analysis of the trace of Fig. 10 indicated
several inberesting features of the ground motion in the N-8 direction: {1)
an unexpected pulse-like motion (acceleration); {2) the severe pulse oceurred
about 20 see. after the instrument was triggered (triggering level is 0.01g
vertical acceleration}, which, aceording to Bolt [38], suggests that the pulse
was the S wave from the source; (3) the pulse, of a shape resembling a sine
wave, had a peak acceleration of 0.20g and a period of about 1.7 sec., i.e.,
each half-wave had a duration of about 0.85 sec.

According to this preliminary data the unexpected pulses had an incremen-
tal ground velociiy on the order of 120 em/sec. {47 in./sec.) which is very
high for a site located at a distance about 200 km (125 mi) from the focus.

If the reliability of the above Bucharest record can be established, it will
be of great seismological and engineering importance because it will offer
proof that severe, relatively long-duration acceleration pulses can also ccecur
at great distances from faults. Thus the establishment of design earthquakes
in the form of smoothed response spectra {elastic and inelastic) based on res-
pouse ground spectra derived from the dynamic characteristics of "standard"
earthquake records (such as ELl Centro, Taft, etc.) would be questionable, not
only for structures loested near faults, but also for those located at large
distances from the fault.



STUDTES CARRIED OUT TO EVALUATE THE RELIABILITY OF IDRS
DERIVED FRCM PRCPOSED LEDRS

Anglyticsl Studies of Olive View FEarthguske Damage

Evidence of the effects of severe, long-duration acceleration pulses con-
tained in actually recorded and amalytically derived earthquake motions was
obtained from the analytical studies of the damage induced in the newly econ-
structed buildings of the Clive View Medical Center. These buildings suffered
extensive dsmage during the San Fernando earthquake, despite seismic resistance
coefficients far in excess of then existing code requirements [39]. For example,
the six-story main building had story seismic resistance coefficients exceeding
0.3; the permanent drifts [greater than C.76 m (30 in.)] and the associated
damage suffered by this reinforced concrete building were so large that it had
to be demolished.

An extensive field, laboratory, and analytical investigation has been
conducted to identify the factors that controlled the behavior of the main
building [4%0]. Although some of the local damage to the buildings was found
to be the result of the Inadequate structural system, poor member detailing
and deficient construction workmanship, analyses of the bullding indicated that
the overall damage pattern and the large residual displacements observed were
primarily a consequence of severe, long-duration acceleration pulses like those
experienced at the Pacoima and Van Norman Dams.

The analytical results obtained in the study presented in RePf. 40 indicate
that the response of yielding struectures is very sensitive to severe, long-
duration acceleration pulses such as those present in the near-fault records
of the Ban Fernando earthquake. Thus the following additional studies were
conducted.

Nonlinear Dynamic Analysis of Single and Multi-Degree-of-Freedom-Systems

Several nonlinear dynamic amalyses of (SDOF and MDOF systems) were performed
to assess the reliability of present methods of constructing IDRS from LEDRS
for near-fault sites in view of possible severe, long acceleration pulses.
These results are compared with those for the N-S component of the 1940 E1
Centro earthquake, which is often considered representative of standard strong
motion records.

SDOF systems--The basic equilibrium equation controlling the motion of
a viscously damped, SDOF system subjected to & ground aceeleration time-history,
ﬁg, is given by:

Mi + oMwEn + R = ~Miig (1)

in which M is the mass of the system; & is its viscous demping ratio; w is the
system's natural circular frequency; R is the foree resisted by the system;
and U and 0 are the system accelerstion and velocity, respectively, at any
time.

To obtain useful design charts for nonlinear structures, it is desirable
to rewrite eg. 1 in a nondimensional form which accounts for yielding. By
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noting that K = «w’M and = Kuy, by introducing variable transformations
u= u/u_y and p = R/R,, and by expressing the ground acceleration as a fraction
of the beak ground acceleration in the record, ﬁémax’ eqg. 1 can be written as:
2 U
a w

o+ 2wl + wlp = -o B (2}

L

Emax

In the above equation, the value of 1 is the ratio of the seismic resis-
tance ceoefficient To the peak ground accelerstion expressed as s fraction of
gravity:

Ry C.Y
n o= - = e ( 3 )
Mugma x ugma,)c/ g

in which g is the accelerstion of gravity, and Cy 1s the system’s selsmic
resistance coefficient, i.e. the yield resistance, Ry, divided by weight of
the system, M*g. The nondimensional hysteretic response of a nonlinear system
(4 and p) to a particulsr nondimensionalized ground motion [ /ﬁgmax]’ can
thus be evaluated in terms of N and the parameters @ and E needed for sn elas-
tic system. From this eveluation, i% is possible to construct charts in which
the required displacement ductility, 1, of an SDOF system to & given ground
motion can be plotted as & function of §(, T and n.

Several elasto-perfectly plastic SDOF systems, with 5% damping and with
periods ranging from 0.1 to 2.0 sec., were subjected to the DPD, the crigimsl
and filtered VND, and the El Centro records. For each period, the response
was computed for various values of the pasrameter 7. Semilogerithmic plots
of the absclute value of the maximum displacements divided by the system's
yield displacement (displacement ductility fectors) sre shown in Fig, 11.
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using such plots. for a given ground motion reecord, | can be determined if T,
£, Cy, and ﬁg are known. Alternatively, the value of Cy required to obtain
a desired value of | can be calculated if T and & of the system and ﬁﬁmax of
the given ground motion asre known, For the ground motions considered, ductil-
ity demands generally increased with.decreasing values of n and period. For
any given value of 7|, the ductility demands for both the DPD and VND records
were generally much greater than for the El Centro record, except when n
approached unity in the short period range.

It is evident from Fig. 11 that if the ductility demands are to be kept
at acceptable levels, n must be nearly unity in the short period range for any
of these ground motions and that it must be maintained close to this value
at much longer periods for the DPD and VD records than for the E1 Centro
record. Required duetilities increase rapidly as n becomes smaller than unity,
especially for the DPD and VND records. For the level of Cy currently re=-
quired by building codes, very large ductility factors will result if ground
motions like those considered in Fig. 11 with peak ground accelerations
greater than 0.3g occur, especially for short period buildings. Furthermore,
if IDRS based on effective ground aceelerations smaller than the expected
effective peak values or on ground velocities obtained assuming standard ground
spectrum shapes [13] are used for structures near active faults, undesirably
large ductilities could result. For example, the actual duetility require-
ments for elasto-perfectly plastic SDOF systems with 5% viscous damping
designed according to the IDRS in Reference 6 for a desired U = 4 are shown
in Fig. 12a for the El Centro snd DPD records. While the displacement
ductilities required for the El Centro record are generslly smaller than those
predicted by the IDRS, ductilities required by the DPD record exceeded the
specified value by factors as great as 2,2 for periods longer than 0.4 sec.
TDRS based on U > 4 are even less reliable for near-fault motions.

Derivation of IDRS directly from LEDRS erroneocusly assumes thab increas-
ing damping is as beneficisgl to the response of inelastie systems as it is to
elastic systems. It has been found that the spectral amplification factors
used to construct LEDRS [6] may significantly overestimate the effect of
damping on inelastic response [9], resulting in lower design forces than
actually required to achieve a given . The typical effect of this is
illustrated by Fig. 12b which shows that duetility requirements for elasto-
perfectly plastic SDOF gystems designed using suggested IDRS [6] for a w =k
increase with increasing values of the viscous damping ratio, .
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MDOF systems-—A three-bay, ten-story frame was designed according to a
five-step computer-aided procedure [L1], which tries to achieve an economical
and practical minimum weight design that is serviceable, and safe from collapse
during a severe earthquake. Design forces for the safety design were obtained
from an IDRS for a peak acceleration of 0.5g, & displacement ductility factor
of b and a demping ratio of 5%.

The designed Irame had a Cy value of 0.18, and a first mode period of
1.67 sec. At this period, the pseudo-velocity used in its design was 0.36
m/sec. {14.8 in./sec.), 31% higher than the value of 0.29 m/sec. (11.4 in./sec.)
corresponding to current IDRS recommendations [6].

Flastic and inelasgtic models of the frame were subjected to the normalized
,El Centrc, DPD and filtered VND accelerograms with 0.5g peak accelerations.
The results of the roof and first floor displacement obtained for these models,
as well as the corresponding -input accelerograms, may be seen in Fig. 6. In-
elastic response to the DPD and filtered VND motions resulted in displacements
considerably larger than those to E1l Centro; as much as 1.9 times larger at
the roof, and 2.4 times larger at the first floor. Permanent deformations in
the frame were substantially larger.

Although the elastic and inelastic responses to El Centro were generally
simiiar, no such similarity was cbserved for the DPD and filtered VND records.
The dissimilarity in the responses is more striking for the DPD record, where
the large acceleration pulses occurred early in the input accelerogram.

The response of this frame shows that elastic response cannot be reliably
used te predict peak inelastic response. The elastic results overestimated
the peak inelastic roof displacements by more than 25% and underestimated the
peak inelastic first story displacement by more than 40% for the DPD and VND
records. Turthermore, the type of inelastic response history expected from
ground motions with long acceleration pulses is characterized by a few large
displacement excursions rather than numerous, intense oscillations as observed
in the elastic analyses. Thus interpretation of possible inelastic behavior
from elastic response analysis alone could lead to an erroneous conclusion
that low-cycle fatigue could be a problem for this frame.

With respect to the results obtained for SDOF systems, it should be noted
that for a system with a period of 1.67 sec., the Cy value of 0.18 (closer to
the upper bound for sll 3 records), the displacement and ductility requirements
were unacceptably large. Such differences between the SDOF systems and the
exXample frame are to be expected since anslyses of SDOF systems neglect the
effects of gravity loads, geometric nonlinearities, ete. Furthermore, the
lateral load-deflection relaticnship for multistory frames is not generally
elastic, perfectly piastic. Extrapolation of results from SDOF to MDOF systems
should be done with great caution [18].

Very similar results confirming the above conclusions have been obtained
in the snalysis of a reinforced conerete, ten-story, three=bay frame, whose
optimum design is discussed in a paper by Zagajeski and Bertero [42].



RESEARCH NEEDS IN ESTABLISHING DESIGN EARTHQUAKES

In concept the design earthquake should be that ground motion which drives
the structure to its critical response. It has been shown, however, that
application ¢f this simple concept in practice met with seriocus diffieunlties.
Because even for a given site and a specific structural system the design cri-
tieal response will vary according to the different limit states controlling
design, at least the following states should be considered: serviceadbility,
damageability, and collapse. The main observations derived from the dis-
cussion presented herein and research needs for establishing the design earth-
quakes for each of these states follow.

General Observations

The following are applicable for design earthquakes based on any of
the governing limit states.

1., Strong-motion instrumentation capsble of recording all & compo-
nernts, particularly at near-fault sites, should be installed. Only the
continued accumulaticn of statistical evidence can lead to improved estimates
of the severity of ground motions at the foundation of a building.

2, The effect of each of the é components, acting independently, as well
as simultaneocusly, on the elastic and inclastic response of buildings with
different structural systems must be anslyzed. At present little guidance
is available regarding specification of the simultaneous input motions. This
is true even iIn the simplest case where only the two horizontal, translational
components are considered.

Design Earthquakes for Servicegbility Ldmit Ststes

1. Linear-elastic design response spectra offer relatively simple and
reliable methods for specifying design earthquakes governed by serviceability
requirements.

2, The use of "standard" LEDRS should be done with care. At near-fault
sites, ground spectrum shapes based on strong—metion recgrds obtgined at
moderate source distances may significantly underestimale the peak ground
veloeity and displacements, Realistic spectral shapes based on analyses of
available near-fault records, or from theoreticel predictions accounting for
the faulting process and the nonlinear mechanical characteristics of a build-
ing's foundation media, should be used. The record obtained in Bucharest
during the Romanian earthquake indicates that even at sites located some
distance from the earthquake source, the use of ground response spectra based
on values obtained from analysis of only standard ground motions can lead to
unconservative LEDRS.

3. The effect of equivalent linear viscous damping, &, on spectral
amplifiecation factors requires further study, particularly in cases involving
pulse-like ground moticus.

Design Barthquakes for Ultimate States: Dameagesbility and Collspse

1. One of the most pressing problems in establishing design earthquakes
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for ultimate states concerns whether damage or collapse of nonstructural and/
or structursl elements is used as the criterion for acceptable deformations
and, in each case, to determine the type. of deftrmation inducing the event.
This is & problem directly related to the assessment of earthquake risk and
associated costs and reguires further study.

2, Dresent code procedures are inadequate for specifying design earth-
quakes based on ultimate states.

3, Use of IDRS permits the designer to have control over the response
parameters which cause damage snd collapse; however, the use of IDRS derived
from recommended LEDRS through displacement duetility factors suggested by
present methods, appears to be unconservative for buildings located in the
immediate area of causstive faults or in general at sites where ground
motions containing severe, long acceleration pulses can ocecur.

L, The effect of equivalent linear viscous damping, §, on the response
of elastic and inelastic systems should be thoroughly investigated. It has
been found that the spectral amplificabtion factors uged to construct LELRS
way significantly overestimate the effect of £ on inelastic response to
pulse-like ground motions. Even in the case of elastic response the pre-
sently suggested amplification factors overestimate the effect of &.

5. Inelastic response cannot be inferred directly from elastic response,
since the ground mobion characteristies which govern maximum elastic and
inelastic responses are generally different. Thus, methods thset obtgin IDRS
directly by modifying LEDRS may not be reliable.

6. Derivation of rational and reliable IDRS requires full characteri-
zation of the expecied severe ground motions at the site, This reguires
estimation of the duration of strong ground shaking and the number, seguence,
and characteristics of intense, relatively long acceleration pulses.

The LEDRS and the derived IDRS do not account for the duration of strong
motions during major earthquakes. Information in this ares is needed to
determine the maximum inelastic deformation excursion, as well as the maximum
number of reversals of inelastic deformations, for the structure's critical
regions. OSuch datae are essential for the proportioning and detailing of these
regions. Although information has recently become available on the duration
of strong shaking for certain areas [b3], dats for most seismic regions of
the U. 8. remain scarce.

7. Unusually large ground velocities may be developed, particularly at
near-fault sites. Methods for constructing IDRS {as well as LEDRS) should
reflect the larger values recorded at such sites.

8. Research is needed to establish bounds on the different parameters
that define the dynamic characteristics of severe long pulses, i.e. the
largest incremental veldcity and the associated effective acceleration that
can be developed according to the dynamie mechasnical characteristics of the
s0il present at a site. These values will enable the design engineer to
determine an upper bound on the energy that can be transmitted to the founda-
tion of the struecture so that the structure can be designed accordingly. The
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need for improving knowledge of the dynamic soil characteristics cannot be
averemphagized. Unfortunately, the trend among soil mechanics researchers
appears to be toward application of analytical tools to predict dynamic
response of soils, rather than investigation of soil properties.

9. For any given building site it 1s necessary to know the number of
long, severe pulses that can oceur during an earthguake since repeated pulses
can lead to incremental (erawling) collapse of the building.

1C. Bercause of the inherent sensitivity of the response of a structural
system to the details of the ground motion input, analysis of the reliability
of apy design should be performed using several time-history ground métions
whose dynemic characteristics cover all possible motions that could be expected
at the building site.

11. At present it is common to evaluate the reliability of a selsmic-
resistant design by analyzing the designed structure wnder one or more ground
motions obtained by normalizing recorded earthquake accelercgrams to some maximum
selected value of the peak acceleration. Unfortunately, these ground motions
are often the result of earthquakes with different magnitudes, recorded at
sites located at different distances from the earthquake source, and having
different soil conditions. Indiscriminate uge of such s technique, when
significant inelastic behavior is expected under severe ground motions, can
lead to highly misleading results. For example, accelerograms obtained on
soft soil at sites digtant from the earthqueke source usually contaln very
long pulses. If these accelerograms are normalized to a large peak accelera-
tion, these pulses may become unrealistically severe, as shown in Flg. 13
where the E-W component of the accelercgram recorded at the ground level of
the Orion Avenue Holiday Inn during the San Fernando earthquake 13 normalized
t0'0.5g. The record was obtained at sbout 21 km (13 mi.) south of the epi-
center of the earthquake, and the geological socurce data indicste that the
site lay on recent slluvium [4L].
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12. The presence of severe, relatively long acceleration pulses,
particularly in near-fileld records, substantially increases the spectral
velocity and, more importantly, the required seismic resistance cocefficient,
Cys OFf buildings., particularly those with relatively long pericds. To
illustrate this, the values of Cy needed to limit ductility to 4 for the
El Centrc, DFD, and VND records (normalized to 0.5z peak accelerations) are

compared in Fig. 1k with current IDRS and code values.

SEISMIC RESISTANCE GOEFFICIENT
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2 4 6 B8 L0 12 4 16 18 20
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FIG. 1% SEISMIC RESISTANCE
COEFFICIENT, C., FOR 0.5g
PEAK ACCELERATION GROUND
MOTION, & = 5% AND u = 4 [9]

Unless the values of

M and £ usually assumed in design can be
substantially incressed, structures located
at near-fault sites wmust be designed for

much higher forces than currently specified
in codes. Although IDRS require sufficlently
high Cy values in the short period range,
these values are underestimated for near-
fault records at periods greater than 0.5
sec.

13. Although structures can be detailed
%o accommodate the large ductilities that
might result at near-fault sites if they
are designed using current codes or IDRS
forces, this may be undesirable except for
short period structures. The danger of
underestimating design forces at near-fault
sites was illustrated by the performance of
the main building of the Olive View Hospital
during the 1971 San Fernando earthqueke,

14. Obtaining all the information
eonsidered necessary for the establishment

of reliasble design earthquakes under ultimate states will entsil extensive

investigation and research,
be implemented:

Until thig is done, the following procedure may

For the case of SDOF systems, charis similar to those presented in Fig.

11 should be prepared,

These char{s should consider the different hysteretic

models {at least the bounds of possible stiffness degradation and strain-
hardening) and all earthquake ground motions previcusly recorded at sites
near faults as well as those which can be obtalned from theoretical considers-—

tion of fault mechanisms.

Cnece sufficlent records are available, statistical

analysis of the results obtained should be conducted in order to formulate
inelastic design esrthouakes in the form of ITRS (C, vs. T, as illustrated in

Fig. 1h}).

This will regquire the establishment of acceptable duetility factors,

Since ultimate limit state design criteria are not only controlled by
the energy dissipation capacity of the structural system, but also by damage-
gbility, i.e. by the deformaltions that can be tolerated due to econcmic,
safety, or stability considerstions, selection of displacement ductility based
solely on the former may be imsufficient to establish design earthquakes.
Current methods usually reccmmuend the use of a constant dwetility. The
selection of a design ductility factor without considering structural period
or earthquake type (magnitude, source distance, duration, etc.) is unaccept-

able.

Even for a specific structural system, however, the amount of
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acceptable ductility will vary depending on whether nonstructural or struc-
tural damage controls the design. If desigh is controlled by nonstructural
damage, the allowable ductility will decrease with increases in the flex-
ibility {period) of the selected structure. Since present metheds do not
distinguish between the types of damage controlling a design, the first step
in formulatling inelastlc design earthquakes as an IDRS should be 1o seek
more rellable methods for establishing values of acceptable ductility.

Comprehensive studies to determine more rational metheds for establish-
ing acceptable ductilities, particularly for flexible structures, are needed.
Investigations are also needed regarding the economic impact of designing
structures for either seismic resistance coefficients or design ductility
ratios higher than those presently assumed.

In searching for more rational values of ductllities or seismic resistance
coefficients, it is necessary to examine the uncertainties involved in
selecting the values of all the parameters pertinent to the design process.

To do this, the interrelationship of these parameters must be considered;
isclated studies of each parameter are insufficient. For example, in
designing for strength both sides of the basic design equation should be
considered. On one side, there are the computed internal forces as determined
from the eritical design excitations; on the other, there is the strength of
the structural elements. Present methods of designing sections, regions,

and whole structural members include the use of several factors which usually
lead to significant overstrength [L2].  Thus, by taking a conservative
approach, looking at each side of the design strength equation independently,
one may arrive at an unreasonable and unconomical overconservatism.

The charts derived for SDOF systems may be used only as :design guidelines
in the case of MDOF systems. The response of different MDOF systems to severe
ground motions such as those resulting from the San Fernando earthguake should
be extensively investigated to determine ways in which IDRS obtained for SDOF
systems can be modified for MDOF systems, or to formulate new procedures for
establishing design earthquakes for the inelastic design of the latter.
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I. [INTRODUCTICN

In a recent survey by the EFRI Committee on Research Needs, the member—
ship of this prestigious organization felt that the research need in the gen-
eral area of seismic risk was of utmost importance. It is a well-known fact
that the level of seismic safety that a community (or a society) requires
depends on the acceptable level of risk for that community and the correspond-
ing costs in achieving that level of risk. Thus, before a rational and accept-
able building regulation or'code can be developed, a proper understanding of
the uncertainties associated with the seismic phenomenon and its consequences
should be evaluated. There have been various attempts to "solve" this problem
of seismic hazard, seismic risk, and the concept of acceptable risk. The au-
thors of this propesal will not attempt to go into the specifics of variocus
reports and papers written in this general area. A list of such references
is given at the end of this paper. However, the general problem and the ap-
preach taken by various researchers will be outlined here.

Expected hazard and expected risk have an implication of future uncertainty.
Hence, it is not surprising that principles of probabilistic forecasting and
decision-making are used by varlous researchers and risk analysts in evaluating
seismic risk for a given region or site.

Consider the Uniform Building Code seismic zone map (Fig. 1). Note that
the title of the map indicates "Seismic Risk Map of the United States." This
map indicates, to some scale, the future seismic hazard in different parts of
the country. It cannot and doss not take into account any consequences due to
future seismic events. Also, this map does not take into account the frequency
of occurrence of earthquakes. In spite of these shortcomings, many engineers
perceive or evaluate seismic "risk"™ through these maps.

Another widely used concept of seismic risk evaluation is that of "maximum
credible event" or "maximum probable event." This perception or definition of
seismic risk is generally used by geologists and seismologists. This concept
has great value for truly unique and important structures such as nuclear reac-
tors and dams. However, for most structures, this concept has certain short-
comings. Pirst, it does not give information regarding the probable level of
"loadings™ during the economic life of the structure. Second, it has no fre-
quency of occurrence information in it. Third, it is overly conservative to
design structures to either "maximum credible' or "maximum probable" events
which were based on geological information for geclogical time spans, though
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the economic life of the structure might be only 506 to 200 years. Also, the
consequences of failure of many structures are not severe enocugh to warrant
a level of design (with unreasonably small risk) at the maximum credible
levels. An example of this type of risk map is shown in Fig. 2. This map
was developed by Roger Greensfelder of the California Division of Mines and
Geology.

In recent years, a considerable amount of work is done in the area of
probabilistic estimation of seismic load parameters. In particular, proba-
bilistic forecasting in terms of iso-acceleration or iso-intensity maps has
been developed by many researchers, Figs. 3 and 5 are two typical examples,
The analytical model in develeping such maps is based on the following param-
eters and assumptions (see Fig. 3).

1. Point, line, or area seismic scurces are identified, based on past
seismic and geclogical data.

2. For each potential source, a recurrence relationship is developed.
This could be linear, bilinear, or nonlinear. Various such rela-
tionships are suggested in the litetrature.

3. Forecasting of future events is made by using either a Poisson or
Markov model, the most commonly used medel being Peisson.

4. A suitable attenuation relationship linking the intensity or peak
acceleration or any other peak value parameter with magnitude and
distance is used to obtain the probable "lcading" at a site. This
has been a very "weak link" in the overall formulation, because the
scatter of the peak parameters is too great to give statistically
reliable estimates. More will be said about this aspect in the next
section.

The "risk maps" developed in the above fashion have the following informa-
tional content in them.

¢ They include all the seismclogical data available for all the poten-
tial seismic sources.

o Such maps take into account the frequency of occurrence of various
levels of seismic events.

e The probabilistic representation of the "loading" parameter gives the
designer some idea about the risk he is taking in designing a struc-
ture for a specific "load" level.

¢ The probable lcading during the economic life of the facility can be
explicitly represented.

In spite of the above advantages, researchers and designers have realized some
of the shortcomings of such maps, which are supposed to give a clear perception
of seismic risk. The following are some of the shortcomings of these risk maps.
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e Most of these maps are usually based on historical data. This data
base is extremely short for a reliable future projection. Many geol-
ogists have justifiably shown their apprehension in using these maps.
Such a problem can be partially solved by using Bayesian statistical
concepts, where historical data and any available geological informa-
tion can be combined to obtain posterior information about a source
and the resulting seismicity of a region or site. Various researchers
have used this technique in recent years. The problem here is to
implement some of these research results for practical use.

e Another major problem with these maps is the gelection of a "loading"
parameter, The most commonly used parameter for mapping is the peak
acceleration, velocity, or displacement. As most of the researchers
working in this field of research know, the peak parameters are not
the best parameters to represent the "damage potential' of a given
earthquake. Secondly, the peak parameters, being extremes, have a
very large scatter, resulting in very unreliable estimates and projec—
tions. They may give an indication of relative seismic risk, but their
mapping (use) for design purposes has led to the peremnmial arguments
between engineers on one side and geologists and seismologists on the
other. Recently, many engineers have suggested that "risk maps" which
take into account the duration as well as energy content of input and
response would be better for representing the "punch" of an earchquake.
This better estimation could result in designs which would be consis—
tent with actual risk, rather than perceived or statistical risk.
Again, more will be said about this in the next section.

o The third shortcoming of these maps is that the attenuation relation-—
ship for peak parameters is extremely poor in a statistical sense. A
better parameter would be root mean square (RMS) parameter, this beilng
a statistical average, in a sense, with lower scatter and hence lower
uncertainty.

There are varicus other minor objections to using these maps, but the basic
problems are outlined above.

In continuing the discussion of how the seilsmic risk should be represented,
according to the current state of the art, one should direct one's attention to
representation of response spectra. There is one school of thought which thinks
that a detailed micro-analysis of a site, together with the information on peak
input parameter, would give a site-dependent "design" response spectrum. Thetre
is another school of thought which looks at all the past available spectral
shapes (see Fig. 4). These available spectra are then classified according to
site conditions and distance from the source, and a statistical summary of the
shape is obtained. An appropriate design spectrum is then selected by multiply-
ing the mean plus KO spectral shape by the appropriate peak ground accelera-
tion. This method, when used with proper and appropriate data, does provide a
rational design spectrum with the desired level of uncertainty and risk., How-
ever, there are quite a few problems associated with this method of generating
probabilistic spectra. First, the method of normalizing the response spectra
and then looking at the statistics of the normalized shapes is not very good.
This approach forces the response spectra to have zero uncertainty at zero per-
iod and then to "wag'" the whole spectral shape above this zero period umit
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ordinate to obtain uncertainties at various other periods. Second, avail-
ability of appropriate and sufficient data is subject to doubts, Third, there
is always the bias in the available data due to the predominance of only cer-
tain earthquakes. For example, the San Fernando earchquake data always bias
the statistics towards the San Fernando type of earthquake experience. Con-
sider, for example, the spectral ordinate 5,. If o ne wishes to determine
the probabilistic infotrmation P[Sal, then the conditional probability re-
lation gives

P[Sa and Mi] = P[Sa/Mi] P[Mi] (1)

where M, is an individual event. Summing over all events on all scurces
within a“given area,

P[Sa} = Z P[Sa/Mi] P[Mi] (2)
all Mi
Thus, most of the statistical spectra “available in the literature are actually
P[Sa/Mi] since M; (such as the San Fernando) biases the § What one actu-

ally needs is P[S_,] given by Equation (2) above. Equatien ?2) represents a
distinct improvement over current procedures for derivation of probabilistic
spectra: the conditional probabilities of spectral shape are derived given the
occurrence of an individual event M; and the marginal probabilities of spec-
tral shape are explicitly obtained based on the probability of occurrence over
the active range of events. It presents a possible bias generated by a fixed
sample or arbitrarily chosen records. The fourth disadvantages is that there
is no guarantee that the total spectral shape has the same probability of ex-—
ceedence. Thus, it cannot be shown that, for a 957 nonexceedence spectrum, the
probability of exceeding 5, at T = Ty 1s the same as the probability of
exceeding 8, at T =T, and that both these values have only a 5% chance of
exceedence.

A recent approach in risk analysis to obtain a probabilistic spectrum is
by using attenuation relationships (obtained through regression analysis) for
various spectral ordinates at various pericds, and using them directly to ob-
tain the mean and the variance of the spectrum (see Figure 5). This method
eliminates the arbitrary method of normalizing the available spectrum. However,
the methed in which the probabilistic spectrum is obtained (using regression
analysis - based on sufficient data} can be improved substantially.

The final “chapter" In describing the methodology of risk analysis in the
current state of knowledge is to "map" the probabilistic peak ground-motion
parameters and probabilistic spectra into a rational design level which would
give desired safety at an acceptable cost. This part of the story is very dif-
ficult to sort out in the literature, and currently no "universally" accepted
simple proecedure or formulation exists which can give a design level for an
acceptable level of risk,

The above process, as currently perceived by engineers and risk analysis,
constitutes the so-called "seismic risk analysis procedure.” There are some
variations to this theme, but the general ideas are described above. Having
explained all that, the question arises, "Where do we go from here?" Do we
need more research to add more reports to already-existing (and mostly not



354

f

Area

Peri
eried Tl

Peak
Acceleration

L]

biseance

ATTERUATLON

4

Acceleration
PROBABILITY DF HON CXCEEDENCE
MITHIH A tRIGD E

"
{Line Sonrce)
sive

)

Sourc

Ragnitude H
SOURCES
RECURRENCE
Period T .
Peak 1 Pzak
Acsceteration Arceleration

N Hagel tude Hy

Discance

ATTENUATION

¥

cor

L]
14
HKeceteration
PROBASTLITY OF NOW EXCEEDEMGE
MITHTU A TIRE PEKTOD ¢

reciod T
PROBABELITY

1

Glgtance
ATTERUAT 104

¥

s

Acceleratien
PROBABILITY OF NG EXCEENLHCE
WIVBIN A Tike Qe §a 3

Figure 5.

Frequency Content — Current Procedures

12



practically applied) volumes of reports? Do we need some synthesis of what

ia available in a gimple and practical manner so that a practical "risk analy-
sis" based design methodology can be developed? In the opinion of the authors
of this proposal, both tasks are important and necessary. The next section
will describe the scope and the direction of the proposed research.

II. RESEARCH NEEDS

The authors are very familiar with the current procedures listed above
and have applied them to various regions of the world, including California,
Nicaragua, Costa Rica, Guatemala, and Algeria. Most of ‘these available pro-~
cedures concentrate on defining seismic risk in terms of peak parameters such
as peak ground acceleration, welocity and displacement in time domain, and
peak spectral response (aceeleration, velocity, or displacement) in the fre-
quency domain. It has been felt by engineers and researchers that these peak
values do not represent the best indication of the damage potential of an earth-
quake and also do not lend themselves to a convenient statistical treatment.
From past experience of the authors of this paper, it is felt that a better
and more stable procedure is needed to refine the accuracy of the results and
to provide a better methodology to the user. Of particular importance is the
need for providing the user with "equal risk" spectra, i.e., spectra having
the same probability of nonexceedence for all period ranges of interest and
providing "risk" maps showing the distribution of duration with a selected
probability of nonexceedence. Thus, in the total risk~analysis methodology,
supplemental procedures which offer the following desirable modifications are
the most useful:

1. A better approach for estimating the duration of expected ground motion
(input) and a better definition of response duration.

2. A more stable parameter to represent the input ground motion amplitude
such as RMS value (e.g., RMS acceleration).

3. A more stable statistical parameter to represent the frequency content
{(e.g., RMS of the response of a single degree of freedom system for
a given damping).

4. Better statistical models that take into account specific geologic and
seismologic conditions in the area, such as seismic moments, surface
waves, and significant distance.

5. A consistent probabilistic approach at each level of the methodology.
Whenever necessary, use of Bayesian statistical methodology to supple-
ment insufficient data.

6. A clear understanding of the needs of structural designers, and the
objectives of building codes and their relationship with the probabil-
istic information on the seismic environment.

The following sections describe the uncertainties and need for research
in the above-mentioned six modifications.

355
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A, Input and Response Duration

It is felt that this parameter is one of the most important measures of
the damage-producing capability of an earthquake, Some recent studies on in-
put duration have been done by Trifunac and Brady (1975), by Dobry et al.
(1977), and by Bolt (1973). Theré are two definitions of duration needed.

e Duration of input strong motion.

® Duration of response of a single degree of freedom system with a
given damping and a period subjected to a given accelerogram.

If one wishes to calculate the energy or the RMS of the input accelerogram,
knowledge of the input duration is essential. Similarly, if one wishes to
determine the RMS response (or energy in a response) of a single degree of
freedom system with a given damping ratio and period, the knowledge about the
response duration is required. TFig. 6 shows a typical acceleration response
due to a given accelerogram input. It can be seen that the duration is a func-
tion of the period of the oscillator, damping, and the input duration. Two
definitions of input duration appear to be useful:

[} Duration at a particular frequency is the elapsed time between the
first and last acceleration excursions greater than a given level
(say 0.05 or 0.02 G). Bolt calls this interval the "bracketed dura-
tion.”" It is sometimes measured by cumulatively adding the sguared
accelerations and adopting the 95 percentile time interval (Husid et
al.,, 1969). However, particulariy for earthquakes with a complex
multiple source (Wyss and Brume, 1967), this definition often leads to
a non-physical upper estimate. Trifunac (1976) and Dobry et al, (1977)
adopt this type of approach to obtain duration of earthquake records.

e Duration at a particular frequency is the total time for which accel-
eratrion at that frequency exceeds a given value. This interval,
called "uniform duration" by Bolt, may equal the corresponding "brack-
eted duration" or be much less. Uniform duration appears to have a
greater mechanical significance with respect to actual structural
response behavior.

Working with all the above definitions of earthquake input deration, it
is the belief of the authors of this paper that further work is needed. It is
proposed that the duration (or equivalent duration) be tied in with the rate
of energy arrival as well as the level of energy. Mortgat (1977) conducted a
sensitivity study of the effects of various levels of acceleration cutoffs on
the duration. He arbitrarily decided to use .02g level of acceleration as the
cutoff acceleration. If one follows the method suggested by Trifunac & Brady
in which the equivalent duration is that time during which 5% to 95% of the
energy arxives (i.e., D957 - D57 = equiv. duration), the correlation between
that definition and Mort3at's dafinition is very low. However, duration of a
strong motion cannot be defined based only on the time during which 953% of the
energy comes, but should also depend on the level of rhat energy. Suffice it
to say that, since input duration has a direct bearing on the parameters such
as the RMS and the energy and eventually affects the damage potential, a clear
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and simple definition is needed. Hence, the first task of a future research
program should be te lock at the "input duration.”

Surprisingly, no work is available in the literature defining the dura-
tion of the response record. Unless a convention (or a standard procedure)
igs used to define this quality, it is not possible to evaluate parameters such
as the RMS of the response, energy in the response, number of peaks in the
response, etc. Mortgat arbitrarily defined this quality as follows:

"The response duration is obtained by terminating the response
when the amplitude of response acceleration peak reaches 10% of the
highese response peak and does not exceed that value thereafter."

Naturally, more can be done to improve such a definition. Thus, the second
task of a future reseatch program should be to investigate the definition
of response duration.

B. Stable Statistical Parameters for Amplitude and Frequency

As mentioned in the introduction, using the peak ground motion parameter
to represent the "punch" or the "loading" or the "damage potential” of an earth-
quake may not be the best. Various researchers have recommended that some other
parameter, such as the RMS or energy, be used to represent the 'loading” at a
given site. The peak parameter, being an extreme, has considerable uncertainty
associated with it. Thus, if a parameter such as anRMS, which is a statistical
moment of sorts, 1s used, the uncertainty in the model could be reduced. Thus,
an earthquake input could be represented in the time domain by either an RMS
or an energy, instead of its peak parameter value. The frequency domain char-
acteristic could be represented by the RMS acceleration (as an example) as a
function of the period of the oscillator, instead of the maximum response peak
such as a spectral acceleration (Sa).

The selection of stable statistical parameters is based on statistical
analysis currently under way at Stanford University on the characteristics of
97 time histories recorded around the world and their response spectra devel-
oped by applying these time histories to a single degree of freedom system with
damping ratio B and natural period T. A typical case is shown in Fig. 6.
Fig. 6a shows a typical recorded time history. Figs. éb and 6¢c show the response
time history relationships for damping of B = 5% and periods T = 0.5 sec
and 1.0 sec, respectively. Tigs. 7a and 7a show peak and RMS acceleration
spectra for two typical cases. The RMS values were derived from the response
time curves using the equation 5
hi
n-1

RMS =
where hy; is individual peak amplitude and n is the total number of peaks.

4 comparison of peak and RMS spectra shows that in all cases RMS is a
more stable indicator of the earthquake moticn. Moreover, from a probabilis-
tic point of view, RMS behavior can be more easily modeled than peak behavior,
RMS is based on sufficient statistics, and the tail of the distribution, often
inaccurate, is not governming as it is in the case of pezk modeling. Peak amp-
litudes are often the chance result of a probabilistic transient phenomenon.
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They show great scatter even for events considered similar (same distance,

magnitude, and site conditions). A better and more stable parameter based

on sufficient statistics rather than extreme values provides a better defi-
nition of the amplitude content of ground motiom.

Furthermore, use of the peak value provides information on maximum ampli-
tudes without giving any information about the other peaks, whereas parameters
such as mean or RMS filter out information about the whole input and implicitly
include information on all the pezks and thelr distribution.

Using response-time relationship, shown in Fig. 7b, a distribution is
fitted considering the amplitude of each peak as a random variable. A Gamma
distribution fits the data very well for all earthquakes, for all damping
ratios (R wvaried from 5 to 20 percent) and periods (T = 0.05 sec to 5 sec).
The parameters of the distribution depend on the individual event and the per—
iod. The remarkable agreement between the computed CDF and a theoretical
Gamma as well as exponential function is shown in Fig. 8, Similar statements
can also be made for imput accelerogram peaks.

Assuming that the distribution of peaks (input or response) is exponen-
tial, then the acceleration a_, which could be input ground motion (T = 0)
or the response acceleration %T = T4) which has p percent chance ¢f exceed~-
ence, can be ocbtained. Fig. 9 shows the exponential distribution and its prop-
aerties,

fA(a) ‘

Area = p

—

a Acceleration

Figure 9, Exponential Distribution
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The RMS value for this distribution is given by

V2
A
Considering the acceleration a_ which has p% chance of being exceeded
-da
e Y = P
or
a, = Rn(l)
P P
Hence

and the ratio

= P
‘ V2

From the above equation, it can be seen that the ratic K, = a_/RMS de-
pends only on p and is independent of A or the individual pezks. Thus,
for p = .05, Ky =2.12, and for p = .10, ¥y = 1.63. Fig. 10 shows the
remarkable agreement between these theoretical values and the actual values
obtained by analyzing about 97 responses. It can also be seen from Fig. 10
that the uncertainty in this value of K; is very small. Having shown that
K1 = ay/RMS is practically a constant for all periods for all recorded earth-
quakes, it was further observed that the value of varies insignificantly
with damping (see Fig. 11). Since the constant behavior of Kj is inter-
preted from an analysis of 97 time histories recorded over widely different
magnitudes, distances, site conditions, and transmission path conditions, it
can be considered to be a truly stable statistical parameter. The constancy
of Ky has also been verified for the accelerograms themselves (for T = 0).

The remarkable stability of Xq and the relative stability of RMS (Figs.
72 and 7b) cam be utilized for deriving response spectra that can be considered
as "equal risk spectra", i.e., response spectra with spectral values having
the same probability of nonexceedence for all peried bands (Fig. 12). The ad-
vantages of such a spectrum to a designer are readily apparent when compared
with spectra such as those shown in Fig. 4, which do not represent the same
level of probability of nonexceedence for all periods.

To determine the probability of cccurrence of a certain RMS value, one
can write the following equation:

P(RMS and M) = P(RMS/M) P(M;)

where Mi is an individual seismic event. Then
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P(RMS) = P(RMS/M,) B(M)
all M

The above equation represents a distinct improvement over current procedures
dor derivation of spectra, First, the conditional probahilities of spectral
shape are derived given the occurrence of an individual event M.; and,
second, the marginal probabilities of spectral shape are explicitly obtained
based on the probability of occurrence over the active range of events. It
prevents a possible bias generated by a fixed sample of arbitrarily chosen
records.

An acceleration spectrum with a given probability of exceedence can then
be cobtained taking advantage of the factor K

1
ap = K; RMS (for all periods} ,
where
p = probability of exceedence,
a = acceleration corresponding to p,

K; = stable parameter corresponding to p.
a_  1is not the peak value having a probability p of being exceeded, but
rather the acceleration in the whole response history of period T; that will
be exceeded with a probability p.

Having observed the above behavior, the following steps are considered
essential in conducting further research.

Step 1. Investigate oo a theoretical basis to see why the parameter
K1 = a /RMS does behave in such a stable manmer. Is the behavior and value
of Kj dependent on soil cendition, period, type of earthquake, etc.?

Step 2. Based on the geological, seismological, and tectonic enviromment,
can one postulate an RMS spectrum shape? A subtask for this work would require
RMS attenuation studies for various magnitude earthguakes.

Step 3. With the aid of RM8 response spectra and the stable parameter
Ki, how can one obtain "design spectra'? One way to look at this problem is
to select an EMS response spectrum and a probability {or risk) of exceedence p.
Then (a.) = (BMS).. (Kl) . One question that needs to be answered 1s, "Which
RMS specgrum should be cﬁosen -- mean RMS spectrum or mean + no RMS spectrum?
Next, if the chosen spectrum for EMS is the mean spectrum and the desired non-
exceedence probability of the response for all pericds is p, then what value
of K; should be selected? Thus, in this task, a detailed look at combining
the probabilistic information on RMS spectra and the response spectrum is
needed.

Step 4. A very interesting parameter to work with is the energy of the
input or the response. If one defines

(Rus)® 12

Ky = (ExeY/werR)

where
RMS = root mean square,
period of the oscillator,

~3
n
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ENGY = cumulative potential energy stored in the spring of the oscil-
lator,
NBPK = number of zero crossings of the given time history.

Thus, Ky 1is a function of energy as well as RMS5. From the current study at
Stanford, this parameter is also very stable for all the 97 accelerograms
studied. This step should examine this parameter K, and see whether the
energy-related parameter can help in developing a definition of duration. It
is not possible to describe all the possible ramifications in this short paper,
but it can be said that there are various interesting possibilities to look

at in such a study.

Step 5. Having studied the probabilistic description and the behavior of
input and response from past data, what mapping or hazard-zoning parameters
should be used? This study should involve defining mapping parameters and
associated probabilities. Mapping parameters should consist of spectral values
for selected levels of nonexceedence amplitudes, such as peak acceleration
velocity or displacement and duration for a selected level of nonexceedence.

To derive the spectral values, an BMS spectrum should be developed as an inter-
mediate step.

LII. CONCLUSION

This paper presents some of the uncertainties associated with seismic
ground motion. Major shortcomings of the presently used methodoleogies for
selsmic~hazard mapping are pointed out, and improvements are proposed to mini-
mize some of them.

Specific results of work presently done on RMS and attenuation relation-
ship will be presented at the workshop.
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The need for ductility in the lateral force-resisting systems of
buildings, that is the capability to continue to absorb energy while
deforming inelastically without substaining excessive damage, has been
recognized by earthquake engineers for many years. Extensive research and
study have been performed by numercus academic¢, industrial and engineering
groups over the past two or more decades in attempts to improve analysis,
design, and construction procedures so as to obtain more earthquake-
resistant buildings. A perspective of how seismic codes have developed
provisions for earthquake-resistant concrete buildings can best be gained
from a review of the activities of the Structural Engineers Association of
California (SEAOC), the Portland Cement Association {PCA), Applied
Technology Council (ATC), and others. The problems entountered in
introducing research results into codes and implementing them in practice
are then discussed, followed by a Tisting of problems in ERCBC that remain
to be resolved.

1959 SEAGC BLUEBOOK

The "Recommended Lateral Force Requirements® (Bluebook) [1], pubTished
by SEAOC in 1959, presented several new approaches to earthquake-resistant
design which tended to give bonuses for ductile designs. The bonuses were
in the form of lower seismic factors. These same provisions or variatjons
thereof have been included in almost all seismic codes since 1959.

The fundamental period of the building, T, was introduced into the
calculation of the seismic lateral force base shear, V, by the formula:

vV = KCW
where K = horizontal force factor varying from 0.67 to 1.33
¢.05

C =
S

T could be determined using recognized and substantiated methods or could
be calculated by the formula:

;T - 005k
s

where H was the height of the main portion of the building and D was the
dimension of the building in the direction of the applied forces.

Preceding page blank
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However, for all buildings where the lateral force-resisting system
consisted of a moment-resisting space frame (MRSF) which resisted 100
percent of the required lateral force and was not enclosed by or adjoined
by more rigid elements which would tend to prevent the frame from resisting
lateral forces, T = 0.10N, where N was the total number of stories above
grade, For most buildings, this formula gives a longer period and hence
lower values of C.

It should be noted that in 1952 a Joint Committee on Lateral Forces of
the San Francisco Section, ASCE, and the Structural Engineers Association
of Northern California first recommended the use of building period to
determine C. (the coefficient C = K/T, where K equalled 0.015 for buildings
and 0.025 for other structures). The period T could be calculated or
estimated. In 1956, San Francisco adopted a variation of the Joint
Committee recommendations.

Another dimportant provision in the 1959 Bluebook was the introduction
of the idea of varying the horizontal force factor, K, dependent on type of
structure and type of construction (see Table 1), Buildings with
moment-resisting space frames were assigned the Towest value of K equal to
0.67. Buildings with bearing wall (shear wall) box systems were assigned K
values of 1.33, Again the result is a bonus for ductile construction.

) Special restrictions for tall buildings were included in Section 2312
i) .
(i) Structural Frame. Buildings more than 13 stories or one
hundred and sixty feet (160') in height shall have complete moment
resisting space frames capable of resisting not less than 25
percent of the required seismic load for the structure as a

whole. The frame shall be made of a ductile material or a ductile
combination of materials. The necessary ductility shall be
considered to be provided by a steel frame with moment resistant
connections or by other systems proven by tests and studies to
provide equivalent energy absorption.

The specific¢ requirement that ductile moment-resisting space frames
{DMRSF) must be provided in buildings over 13 stories or 160 feet in height
was an added impetus to research on how to obtain ductility in concrete
frames. The last sentence specifically required tests and studies be made
for materials other than structural steel to prove equivalent energy
absorption.

The Commentary to the Bluebook was published in 1960 and contained
important clarifications and discussions relating to the intent of the
provisions and requirements for reinforced concrete (RC)}.. The general
intent was spelled out:

The code does not assure protection against nonstructural damage
such as cracked plaster, broken glass, broken light fixtures,
cracked ornamentation, cracked filler walls, or overturned
equipment. Neither does it assure protection against all
structural damage. It is pointed toward confining structural
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damage to minor, repairable damage that would not jeopardize the
safety of the structure.

In the discussion on details, requirements for masonry including
concrete, were given:

A1l masonry, including concrete, which is considered to be part
of the structural system resisting lateral forces, i5 required to
be reinforced, A1l other masonry should be kept free of the
structural system so that participating stresses are not
introduced which will contribute to the failure of these
nonstructural elements. Otherwise they too should be reinforced.
Beams and columns or piers of reinforced concrete earthquake-
resisting elements should be provided with stirrups to resist the
full computed combined shear due to vertical and lateral loading,
independent of the shear resistance of the concrete.

The last sentence was implicit recognition that RC structures should be
designed so as not to fail in shear.

Prior codes,such as the 1952 UBC[ 2], contained a few special seismic
requirements for RC such as interconnection of pile caps or foundations on
poor soil. The interconnecting ties were required to be able to transmit
10 percent of the total vertical load on the heavier of the footings of
foundations connected. The minimum size of ties was specified together
with minimum reinforcement. Reinforced concrete slabs were permitted in
tieu of the tie members providing adequate reinforcing and connections to
the footings were provided.

PCA MANUAL - 1961

About the same time the 1959-60 SEAOC Bluebook was being prepared, the
PCA undertook development of a design manual, "Design of Multistory
Reinforced Concrete Buildings for Earthquake Motions® [31. The manual, by
Blume, Newmark and Corning, presented information on earthquake motions,
dynamic behavior, behavior of structures, principles of earthquake-
resistant design, seismic design codes and specifications, behavior of RC
members under static and dynamic loads, design recommendations to provide
the necessary ductility in RC buildings, illustrative design examples, and
recommendations for constryction procedures and inspection.

Development of the manual was based on careful review and evaluation of
the work of many authors, investigators, and technical committees [4-28].
Available research results on RC together with knowledge of structural
response to earthquake motions were blended and translated into design
procedures and recommendations. Design, construction, and inspection
requirements necessary to ensure ductility in RC members were developed.
The manual became an excellent reference work and was used, together with
results of a number of research projects conducted by or for PCA on
beam-column connections and RC shear walls, by the SEAOC Seismology
Committee to develop the 1966 Revision of the SEAOC Bluebook [29].
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TABLE 1
(from 1959 SEACC BLUEBOOK, Ref. 1)

HORIZONT AL FORCE FACTOR “K” FOR BUILDINGS
OR OTHER STRUCTURES?

Value of
Kl.
Type or Arrangement of Resisting Elements
All building framing systems except as hercinafter 1.00
classified,
Buildings with a box system as defined in 1.33
Section 2312 (b).

Buildings with a complete horizontal bracing system
capable of resisting all lateral forces, which system in-
cludes a moment resisting space frame which, when 0.80
assumed to act independently, is capable of resisting a
minimum of 25% of the total required lateral force.

Buildings with a moment resisting space frame which
when assumed to act independently of any other more 0.67
tigid elements is capable ‘of resisting 10095 of the total E '
required lateral forces in the frame alone. ]

Structures other than buildings and other than 1.50
those listed in Table 23-D.

(*) The coeflicients detetmined hers are for use in the State of
- California and in other areas of similar earthquake activity, Por
areas of different activity, the coefficient may be modified by the
building official upon advice of seismologists and structural en-
gineers specializing in aseismic design.

B

(*) Where wind load as set forth in Section 2307 would produce
higher stresses, this load shall be used in licu of rhe loads re-

sulting from earthquake forces.



The PCA manual recommended a number of significant additions to the
requirements for RC specified in ACl 318-56 [27]. The recommendations were
developed to ensure that a minimum ductility factor corresponding to y = 4
could be achieved without loss in strength. It was recognized that
additional ductility and energy absorption would be available beyond this
value of p, although minor damage such as spalling might occur.

It was felt that the recommendations presented were sufficient for RC
structures to have the ductility and strength required to resist major
earthquakes. A number of important points that are basic to desianing RC
frames and structures for ductility were listed:

1. Transverse or shear reinforcement should be provided to make
the strength in shear greater than the ultimate strength in
flexure.

2. The amount of tensile reinforcement should be limited, and/or
compression reinforcement used to increase energy absorbing
capacity.

3. Critical sections of stress concentrations, such as
column-beam or column-girder connections, should be confined
by hoops or spirals so as to increase the ductility of the
columns under combined axial load and flexure,

4,  Splices in reinforcement should be given special attention and
care should be taken to avoid planes of weakness that might be
caused by bending or terminating all bars at the same section.

Beams and Girders - Detailed specifications were presented for the
amount of Tongitudinal reinforcement in beams at connections to columns,
and minimum reinforcement both top and bottom of beams for their entire
length (needed to resist reversals in bending moments). Web reinforcement
was specified for beams and girders in frames to ensure that their capacity
was governed by flexure and not by shear. Where reinforcing could act as
compression reinforcement, stirrup-ties were required to restrain the bars
from buckling after spalling of the concrete cover.

A number of other new requirements were recommended. Because the peak
bending moments along a girder can vary both in sign and Tocation during a
severe earthquake, cut-off points of bars were specified and the use of
straight rather than bent-up bars was recommended (see Figure 1). Bar
anchorage was specified to ensure that bars would not pulil out despite
being subjected to a large range of deformations.

Columns - Full confinement of concrete in columns at beam-column
connections was recommended except where the maximum axial compressive
stress on gross column area expected during an earthquake would not exceed
12 percent of the concrete compressive strength. Vertical reinforcement
ratio in columns should be at least 1.0 percent with a maximum of 6
percent. Figures 2, 3, and 4 show typical transverse reinforcement
requirements. During an earthquake, columns are expected to resist large
bending moments and may be subjected to tensile stresses; therefore,
special splicing considerations are necessary (see Figure 5).
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Walls - The requirements of ACI 318-56 were followed with the added
recommendation of special reinforcing at corners and junctions (see Figure
6). Supplementary reinforcing was suggested at wall openings and
horizontal and vertical construction joints (see Figure 7). Splices in
adjacent reinforcing bars should be staggered at least 18 inches.

The recomnendations presented in the PCA Manual provided a major basis
for the development of code provisions for ductile RC buildings.

1966 SEAOC BLUEBOOK [29]

The next major advance in ccde requirements for ERCDC was the
publication of the 1966 Revision to the SEAOC Bluebock. In the period from
1960 to 1965, the 13-story 1imit was deleted in 1963, but the 160-foot
height limit was retained.

Detailed specifications for RC ductile moment-resisting frames were
presented in the 1966 Revision., The details were developed from proposals
submitted by PCA [30-34] and a special study for SEAOC [35]. The
requirements were in addition to those specified in ACI 318-63.

The 1966 revisions were directed to qualifying RC moment-resisting
space frames to the necessary ductility for buildings more than 160 feet in
height. Normally it is desirable to write performance-type code
requirements; however, because complete information was not available,
detail specifications were prepared. The intent was to prevent brittle
modes of failure by ensuring that the tensile reinforcing would yield prior
to compression, shear, or anchorage failures. Based on observed
performance of structures in severe earthquakes, the specifications were
developed so that ductile behavior should occur at all levels of load and
deformation even beyond yield and for reversal of stresses.

Requirements for the use of shear walls or braced frames in
conjunction with ductite moment-resisting frames, and design, construction,
and inspection provisions were included. A distinction was made in the
definitions of Moment-Resisting Space Frames (MRSF) and Ductile Moment-
Resisting Space Frames {DMRSF). A new provision was added requiring that
all buildings designed with a horizontal force factor X, of 0.67 or 0.80
shall have DMRSF. It was further specified that shear walls in buildings
where K = 0.80 shall be composed of axially-lgaded bracing members of
structural steel, or RC bracing members or walls conforming with the
specified requirements. Reinforced concrete shear walls and RC braced
frames for all buildings were also to conform to the requirements given.

Physical Requirements - A minimum concrete strength of 3,000 psi was
required. Beam and girder reinforcing was limited to ASTM A-15, A-408, or
A-432, with the A-15 or A-408 either structural or intermediate grade with
the specified yield strength not to exceed 40 ksi. For columns, the
specified yield strength for vertical steel was not to exceed 60 ksi.

Flexural Members - A minimum width-depth ratio of 0.4 with minimum
width of 10 inches or the supporting column width plus a distance equal to
three-fourths of the depth of the flexural member on each side of the
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column was established. Flexural members shall have a minimum
reinforcement ratio, for top and for bottom reinforcement, of 200/f
throughout their length with at least two bars provided both top and
bottom. The reinforcing ratio p was limited to 0.025 or 0.46 & p'/fy p
for negative moment at the column face. In addition, the positive moment
capacity at such locations was specified to be at least 50 percent of the
negative moment capacity provided. A minimum of 25 percent of the larger -
negative reinforcement at either end was required full length of the beam.

No splicing of tensile rebar in areas of tension was allowed unless
the region was confined with stirrup-ties. No splices were allowed within
the column or within 2d from the face of the column.

Anchorage is a very important requirement. At exterior columns, the
beam reinforcing was required to be anchored in the confined region of the
beam-column joint. Recognition was given in calculating the length of
anchorage to the fact that bond strength in confined regions could be
increased up to 50 percent.

Web reinforcing was specified in accordance with Chapter 17, ACI 318,
except that the shear capacity should equal the vertical load shear plus
the shear resulting from the ultimate moments at the ends of the beam. The
use of inclined stirrups was prohibited unless it could be shown that the
shear stress would not reverse in direction under earthquake loading. A
maximum stirrup spacing of d/2 was given to help ensure that unexpected
shear failures did not occur within the beam. Shear reinforcement in areas
where confinement is required were specified to be stirrup-ties.
Stirrup-ties were also required wherever compression reinforcement is
needed.

Columns - A dimensional Timitation on columns was stipulated to ensure
that coTumns generally conformed to the proportions of those tested. The
ratio of minimum to maximum thickness was set at not less than 0.4 with the
Teast column dimension at 12 inches.

The reinforcement ratio for tied columns was specified at one percent
minimum and six percent maximum. The six percent Timit was set so as to
minimize congestion in the column, especially at the beam-column
connection.

Splicing of longitudinal reinforcing was permitted only in the center
half of the column height so as to avoid locations where inelastic hinging
could occur.

Special transverse reinforcement {STR) was specified through the joint
plus a distance equal to the maximum column dimension either side of the
joint but not Tess than 18 dnches. STR confines the concrete and increases
the strain capacity of the concrete within the core, and also inhibits
buckling of the longitudinal reinforcing,

The required volume of STR could be satisfied by spirals per ACI 318
Section 913; or if hoops were used, the volume was set at two times the
required spiral reinforcement. It was felt that hoops had about 50 percent
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of the efficiency of spirals. Detail specifications were given as to use
of supplementary cross ties, unsupported length of hoop, overlapping of
hoops, size, and center-to-center spacing. The volume of STR required
could be reduced to one-half where flexural members frame into all four
sides of the column.

A beam-column joint analysis was required to check whether the STR
provided per the above requirements was adequate to resist the maximum
shear developed under ultimate loading conditions. The effects of beams
framing into all four sides of the column would reduce this shear
requirement, The effective length of the column for design was in
accordance with ACI 318, Sections 915(d} and 916,

Sufficient transverse reinforcement in columns subject to bending and
axtal compression was required to resist the maximum ultimate column
shear. Where the design axial compressive stress was less than 12 percent
of the concrete compressive strength, the concrete was not relied upon to
resist the shear in the column.

In order to ensure the overall vertical stability of the structure
during a severe earthquake, columns at beam-column joints were required to
have a greater ultimate moment capacity,at the design earthquake axial
Toad, than the ultimate moment capacity of the beams framing into the
joint. Where the design axial compressive stress is less than 12 percent
of the ¢oncrete compressive strength, the column was required to conform to
the requirements for flexural members.

The new reinforcing details required special inspection for DMRSF to
ensure that the steel and concrete were properly placed. The inspector was
required to be specially qualified and under the supervision of the
professional engineer responsible for the design. A summary of the 1966
SEAOC code requirements is presented in Table 2.

Concrete Shear Walls and Braced Frames - The 1966 Bluebook also
included provisions for the design and construction of RC shear walls and
braced frames. The basic requirements of ACI 318 were followed plus
several additional requirements. Ultimate strength design was specified
with working stress acceptable providing there was an equivalent factor of
safety. The load combination equations were the same as specified for
DMRSF; however, for buildings without a 100 percent MRSF, the design shear
stress level was reduced 50 percent. The concern was to minimize the
possibility of brittle behavior or nonductile failure of the shear walls.

The nominal ultimate shear stress in shear walls was limited based an
factors proposed by PCA [36]. For short squat walls, the shear capacity of
the wall was based on the shear capacity of the concrete. For taller shear
walls with H/D greater than 2.7, the shear capacity was set essentially the
same as in ACI 318. Reinforcing was to meet the requirements of ACI 318.

Vertical boundary members were specified for buildings with K = 0.80.
The boundary elements were provided to act as flanges for the shear wall
acting as a vertical cantilever. Horijzontal reinforcing was required to be
fully anchored to the vertical elements. The vertical elements were
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required to be sized to resist all vertical dead and Tive Toads plus
vertical earthgquake overturning loads, and to be confined for their full
Tength. Similar requirements were given for wall openings.

Reinforced concrete braced frames in DMRSF buildings were required to
have STR throughout their full length in order to inhibit brittle
compressive failures. Tension members in such frames were required to meet
the requirements for compression members,

A sumary of the 1966 SEAOC code provisions for shear walls and braced
frames is given in Table 3.

1967 THROUGH 1974 SEAOC, ATC, AND ACI 318-71

The 1966 SEAOC code was a major change from prior RC requirements.
Initially, considerable oppasition was expressed by structural engineers,
primarily on the basis of the extensive additional design time required and
the probable extra construction cost. However, as designers worked with
the code and became familiar with its requirements and as contractors
became experienced in the many steel congestion problems, the opposition
diminished.

During the five years from 1966 to 1971, a few changes were made in
the SFAOC DMRSF and shear wall requirements (see Tables 2 and 3). The
changes in 1967 permitted some of the main beam reinforcement to be
anchored outside of columns which resist a small percentage of the
story-bent shear. Where confinement through a beam-column joint was
required, ACI 318, Section 917{a) 3 was assumed to apply.

The 1968 SEAOC revision required:

1. Reinforced concrete shear walls and braced frames for atl
buildings to be in confaormance to the SEAOC code

2. ATl structural elements below the base required to transmit
seismic Tateral forces to the foundation to conform to the
SEAOC code

3. STR for full height of columns supporting shear walls or other
rigid alements

4, Equal confinement for all combinations of concrete and steel

5. SIR for a column whose ultimate capacity was less than the
ultimate capacity shear of all beams framing into the column
above the level being considered

The 1970 SEAOC revision [37] applied to RC shear walls. The variation
in allowable shear stress with height to depth ratio was deleted because a
careful re-evaluation of applicable test data did not fully support the
prior provisions. The ultimate shear stress was related to the capacity
reduction factor, concrete strength and reinforcement yield strength with a
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maximum of 10 ¢ vF!. Fgual amounts of wall reinforcing were regquired in
each direction witg a minimum ratic, p, of 0.0025 each way. Wall
reinforcement that resists shear was required to be anchored to wall
boundary elements.

The 1971 SEAQC revision [37] made a number of major revisions. A1l RC
space frames required to be part of the Tateral force-resisting system
(LFRS) were required to be DMRSF. A1)l framing elements not required to be

. part of the LFRS were to be investigated for adequacy for vertical load
carrying capacity at four times the distortion resulting from the code
seismic forces.

The requirements for RC DMRSF were modified as follows:

1. Precast concrete was permitted providing the resulting
construction complied with the SEAOC provisions.

2. The load factor, U, was increased from (0.90D+1.25E) to
(0.900+1.40E) .

3. Lightweight concrete strength was Timited to 4,000 psi.

4. Grade 60 reinforcing steel was permitted for beams with
Timitations.

5. A specific provision was added requiring all space frame
members to be designed so they would not fail in shear if the
frame is deformed beyond yield.

6. The excess of actual yield strength of reinforcement over the
minimum specified must be taken into account in the design of
required shear capacity of beams and columns. Ultimate shear
capacities were to be computed with the ¢ factor reduction.

7. The minimum width-depth ratio for beams was reduced to 0.3 from
0.4,

8. The formulas for computing beam Tongitudinal steel were
simplified.

9. The maximum stirrup spacing was reduced from 16 bar diameters
to 8 bar diameters or 24 stirrup-tie diameters.

10. The calculation of confinement reinforcing was revised and
confinement for columns 24 inches and less was reduced.

The Commentary presented sketches of the requirements for STR (see
Figure 8), stirrup-ties {see Figure 9), and anchorage of. beam reinforcement
in column core {see Figure 10).

Two changes were made for shear walls: the Joad factor U was revised
to conform to that for DMRSF, and 2.8E was to be used in calculating U for
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shear in Tieu of the prior requirement of using 2U. This change was made
to eliminate unreasonable shear requirements when E is a small part of the
total U.

The ACT 318, 1971 edition [38] recognized the need for special seismic
requirements for RC buildings in high seismic risk areas. An Appendix A
was included that generally followed the SEAOC requirements. The major
differences with the SEAOC provisions were the Tonger anchorage required by
ACT for flexural member reinforcing in confined regions at beam-column
joints, the Targer volume of hoops required by ACI to obtain STR confine-
ment, and the difference in the Toad factor U. ACT requires U = 1.0250 +
1.27L + 1.47E, while SEAOC required U = 1.40(D+L+E).

The 1973 SFAQC revision [37] introduced a requirement for considering
the structure's dynamic characteristics when distributing Tateral forces in
structures having irregular shapes or framing systems. DMRSF were required
for all RC frames at the perimeter of all buildings except those with 100
percent shear walls. The concrete cover qutside of the column core was
deleted for purposes of calculating shear capacity of the concrete, V_.

STR was required for the full length of RC members of all braced framés.
In addition, braced frame members were required to be designed for 1.5
times the forces calculated using the code-specified lateral forces. Al
of these changes were made to increase the ductility of RC structures and
10 minimize the possibilities of brittle-type failures. Recent earthquake
damage experience made such changes desirable.

The 1974 SEAQC revision [37] was largely editorial and format except
for shear walls and braced frames. For K = 0.67 and 0.80 buildings, the
special ductility requirements were made to apply to all elements below the
base which are required to transmit the seismic forces to the foundation.
The load factor for calculating shear and diagonal tension in other than
K = 0.67 buildings was changed from 2.8E to 2.0E. The Commentary was
re-organized and expanded in some. areas.

The ATC-3 Draft Provisions [39] were developed with the objective of
being in a format suitable for adoption by jurisdictions in all areas of
the United States. The ATC-3 provisions embody several concepts that are
significant departures from present codes, such as:

1. More realistic ground motion intensities

2. Consideration of distant earthquake effects on long period
buildings

3. Response reduction factors which are based on consideration
of the inherent capacity for energy absorption, damping
associated with inelastic response, and observed performance
of various types of framing systems

4. Building design categories with variation of design and
analysis requirements dependent upon seismic intensity

393



394

In addition, various methods for determining building response
coefficients {pericds) were evaluated and formulas recommended, and design
material stresses approaching yield together with detailed design
requirements for various materials are presented.

The total seismic force on a building is in the form V = CW, where W
is the dead load of the building plus applicable other loads, and

¢ - 12As
r2/3

A is the appropriate acceleration coefficient, S is a site soil
coefficient (varies from ] to 1.5), R is the response reduction factor, and
T is the structural response coefficient used to define the base shear and
is related to fundamental period of the building. The R value is
determined from Table 4 and is Targely determined by the type of structural
system employed. For example, one R value is given for ductile structural
frames. The effect of construction material used is covered by specific
material design requirements. The Cd values are used in determining the
total story drift.

For purposes of seismic design, four building design categories (A
through D) are as given in Table 5. The Seismic Hazard Exposure (SHE)
Groups relate to building occupancy or use, with Group I being essential
facilities, II is buildings with high density of occupancy, and IIl is all
others. The Seismic Hazard Index is similar to seismic zoning in present
codes.

The structural components in Category A buildings are required to be
tied together, but no overall seismic design is required., In addition,
Category B buildings need minimum seismic design such as collector
elements, diaphragm design, design of bearing walls for seismic forces
normal to the flat surface of the wall, reinforcement of openings in shear
walls or diaphragms, and certain minimum pile foundation design
requirements.

The design details of Category C buildings generally conform to the
1973 SEAOC provisicns, while the design of Category D buildings is similar
to the State of California Administrative Code requirements for hospitals.

The ATC-3 provisions for ERCBC construction basically follow the ACI
318-71 Appendix A with additions or modifications in several areas. It is
understood that the proposed revisions of ACI Appendix A are in accord with
ATC-3. The format is arranged to specify differing requirements for
Category A, B, C, and D buildings.

In addition to the general requirements noted previously for Category
A design, anchor bolts shall be enclosed by at least two ties. Allowable
loads for anchor bolts will be given. The capacity reduction factors for
shear are reduced from those in ACI 318-71. The factor for axial
compression or axial compression combined with bending when axial stress
due to all loads exceeds 0.1f¢ and the axial seismic stress exceeds 0.05f¢
and STR is not provided s 0.5.
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TABLE &
BUILDING DESIGN CATEGORY

FROM ATC-3-05 REPORT, JANUARY 1977

Seismic Hazard Exposure Group

Seismic Hazard Index 1 i1 111
1 B A A
2 B B B
3 c C B
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ERCBC buildings in Category B are required to meet many of the
requirements of Appendix A for flexural members such as Timits on tensile
reinforcing, continuous reinforcing top and bottom, anchorage, and web
reinforcement. Members subjected to bend1ng and axial load having a design
axial compressive force exceeding 0. 1f A shall have lateral reinforcement
continued through the joint.

Category C and D FRCBC buildings are required to meet 1974 SEAOC DMRSF
prov1s1ons In add1t1on, the axial compressive force in a flexural member
is limited to 0.10f¢ Ag and the clear span shall not be less than four
times its effective depth. Elements containing Tightweight aggregate
concrete shall have 1.25 times the STR required for normal weight
concrete. The volumetric ratio of STR shall be based on the volume of
concrete bounded by lines joining the centers of the peripheral column
bars. The yield strength of the STR shall be not less than the yield
strength of the longitudinal reinforcement.

There are several regquirements for RC shear walls and braced frames in
addition to those in the 1974 SEAQC provisicns. Two curtains of
reinforcement are reguired in shear walls when the unit shear is > 2 /F¢.
The allowable shear strength for lightweight concrete shear walls is 0.75
of that for walls of nermal weight concrete. Shear walls in all buildings
except those with DMRSF where the maximum combined design compressive
stresses exceed O.ZFQ shall have vertical boundary elements as specified in
the 1974 SEAOC. These boundary elements may be discontinued at a level
where the calculated stress is Tess than 0.15f1. A similar requ1rement is
specified for reinforced concrete diaphragms and for openings in shear
walls and d1aphragms For braced frame members where the design stresses
exceed 0.2f:, STR shall be provided full length. Construction joints in
shear walls and diaphragms shall be designed to resist the design forces at
the joint. For joints dependent on dowel actien and friction on a
roughened concrete surface, the shear transfer capacity at the joint equals
the capacity reduction factor times the sum of the shear strength of the
dowels plus 0.75 times the net compressive design force. For lightweight
concrete, the shear transfer capacity is 0.75 times that for normal weight
concrete.

COUNTRIES OTHER THAN THE UNITED STATES

The design requirements for ERCBC in other countries often are not as
detafiled as those in SEAQC or ACI. Brief summaries of the requirements in
several countries with seismic exposure follow.

New Zealand T[40, 41] - A1l structures must have some ductility.
DuctiTe frames and coupled shear wall structures have the lowest seismic
design loads but stringent ductility design requirements. The required
design procedure is called “"capacity design" in which energy dissipating
elements or mechanisms are selected and then properly designed and
detailed. Other elements are then designed with reserve strength capacity
to ensure that the structure responds as intended in the design. It
appears that detail requirements similar to SEAOC or ACI requirements for
ERCBC are followed.
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Portugal [42] - Seismic coefficients for simple structures are
determined taking into account the seismicity, soil characteristics, and
dynamic properties and ductility of the structure. Complex and/or
important structures are designed using seismic motion response spectra and
dynamic linear and nonlinear analyses as appropriate. Structures are
checked for safety at ultimate 1imit states. Specified ductility factors
are 3.0 for high-ductility RC frames, 2.0 for shear wall-frame structures,
and 1.5 for shear wall structures.

Columbia [43] - A proposed seismic code requires that the fundamenial
period of the structure, T, be greater than 1.4 T' or Tless than 0.7T7',
where T' is the perijod of the site. This provision is intended to
minimize the seismic forces transmitted to a building by avoiding resonance
between the s0i1 and the building. Buildings over 60 meters in height
require a rigorous dynamic analysis. Lower structures are to be
proportioned for elastic behavior for the normal design earthquake and have
enough ductility to avoid collapse for a maximum earthquake. "Ductility
ratio" is defined as the ratio of the curvature at ultimate and yield
states of members. Tall structures {> 60 m) must have a minimum ductility
of 6 and Tower structures must have a minimum of 4. The requirements for
RC construction appear to be similar to the SEAOC and ACI requirements.

Australia [44] - The latest draft of the Australian code has
requirements analogous to those in the 1973 SEAOC for ERCBE in the highest
seismic zone. .The requirements for RC DMRSF, shear walls, and braced frame
members appear to be identical to those in the 1973 SEAOQC.

PROBLEMS IN INTRODUCING RESEARCH RESULTS
AND IMPLEMENTING THEM IN PRACTICE

There appear to be several problems generally encountered when
introducing research results into codes and later implementing them in
practice. One major problem is fo duplicate in laboratory testing the
situation usually encountered in actual buildings. Size of the test model
is often a limitation, although laboratory facilities in the past few years
have been expanded and funding provided for larger-scale testing. The full-
scale testing is usually 1imited to one beam span plus beam and column
stubs or similar type arrangements. Testing can be done with
cyclic-reversible loading but facilities are not available to perform tests
on full-scale models using vibratory loading.

Another problem associated with full-scale testing is that of
developing test specimens representative of the range of loading
conditions, configurations, and sizes encountered in building design.

The results from scate model testing indicate the type of solution or
requirement needed for some design situations. However, actual conditions,
scaling factors, and variations in construction often make it difficult if
not impossible to develop reasonable criteria; therefore, a conservative
solution is selected.
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A problem often arises with implementing ERCBC research results
because the recommendations involve complex details both in design and
construction. Research has shown the need for confinement of the concrete
and anchorage of flexural reinforcement. Figures 11(a} and (b) show
typical interior and exterior beam-column joints and i1lustrate the
complexity and congestion in joints. The sizing of the beams and columns
are often controlled by the need to continue Tongitudinal beam steel
through the joint and at the same time miss the vertical column bars. Then
the confinement hoops have to be placed and enough room left for concrete
pTlacement.

The detailing of the joints to ensure viability of construction
requires considerable design time. Unless the designer is familiar with
all of the design detail requirements, the possible congestion at a joint,
and the consequent effect on member sizes, he may find that he has to
resize members (and advise the architect of the larger sizes required).
The result can be considerable extra work.

Many of the research results, when put in equation form for
presentation in ERCBC code provisions, appear to be complex and therefore
tend to give the implication that the design of RC and ERCBC is a precise
technique. This complexity and appearance of rigorous accuracy tend to
increase resistance to their acceptance in practice because often the
practicing professional does not understand the development of the
equations and therefore is hesitant to accept and use them. The
experienced engineer realizes that the input data contains numerous
assumptions and hence extreme accuracy in calculation is not always
appropriate. The complexity often increases the time required for designs.

The Commentary published with the SEAOC provisions is helpful to the
designer of ERCBC. The Commentary explains the intent and reasons for the
requirements. The ACI-ASCE Committee 352 report [45] presents
recommendations and design examples for beam-column joints where the column
is equal to or wider than the beam width. The Committee's recommendations
were based on laboratory and field experience and reflect their evaluyation
of much of the RC beam-joint research performed from 1971 through 1975.

CONCLUSIONS AND RECOMMENDATIONS

Development of code requirements for ERCBC has shown considerable
progress in the past two decades. Observations of ecarthquake damage to RC
buildings and evaluations of the results of research have led to
development of most of the code provisions. There are many areas that need
further research and study.

1. Because of the rising costs of construction and the continuing
search for cost reduction, there is increasing pressure to
develop details for precast frame members that will provide
the required ductility. The connections of floor and roof
slabs to the frame members also need study.
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2. The development and use of details for prestressed and
post-stressed RC construction necessary to provide ductility
need extensive study. The ability of such structural systems
to develop the required strength and ductility should be
further investigated.

3. Further research is needed to develop requirements for flat
slab-column or flat slab-wall systems so as to provide
adequate ductility in the inelastic range.

4. Gyidelines for the calculation of fundamental period of RC
frames and shear wall buildings for use in analysis and design
are needed. Should cracked .or uncracked sections, clear span
dimensions, gross section dimensions, etc., be used, For
example, after study of available data, the ATC-3 committee
recommended the same simplified formula that has been used for
many years to calculate the period of RC buildings other than
frames {TR = 0.05 h/ VD).

5. Coupled shear walls are often used in buildings. The question
of whether the coupling beams should be designed and detailed
to provide the required shear and moment strength and
ductility should be evaluated. The use of diagonal principal
reinforcement in the coupling beams improves their strength
and ductility, but is expensive to construct.

6. Considerable research is still needed in beam-column joint
design. ACI-ASCE Committee 352 published a lengthy 1ist of
needed research (see Appendix A hereto).

7. The inelastic behavior of shear wall-frame systems needs
further study [46].

It is hoped that wherever possible research results can be presented
in somewhat simplified format so as to make them more readily acceptable
and usable in practice.

It is recommended that the improvement of communications between the
researcher and the praciicing engineer be given detailed study. Some
research projects utilize advisory panels -- others do not. The advisory
panel concept is helpful for some projects and for others it is
ineffective, One possible solution might be to make a conscious effort to
involve practicing professionals as consultants who would be involved in
the planning stages and as the project progresses. The consultants could
assist in presenting the research resuTts in a format compatible with use
in codes and by practicing engineers. Obviously such participation would
take a considerable amount of the consultants' time. Some means should be
developed for the consultants to be reimbursed for their time and expenses
because most structural engineering firms are relatively small and the
amount of time required would be a burden if it were donated.
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APPENDIX A—AREAS OF NEEDED RESEARCH
(from ACI JOURNAL, Ref. 45)

In developing “Recommendations for Design of
Beam-Column Joints in Monolithic Concrete
Structures,” the commitiee surveyed available
research into the problems of joint behavior and,
wherever possible, incorporated the research re-
sults into the recommendations. However, it is
apparent that a number of problems have not been
studied sufficiently to warrant making specific
recommendations and in some cases there is no
research reported in the literature which bears on
the problem. To identify the areas of needed re-
search and to provide an indication of some of the
limitations of the recommendations, the following
listing of topics was developed.

A 1—FEffectiveness o! conlinement due to spiral
véinforcement or rectangular ties and crossties

The behavior of confined concrete under dif-
ferent combined states of stress that can be de-
veloped in a joint should be investigated. Most of
the data available are from tests under uniform
compressive siresses.

A.2—Influence of Iateral members framing into the
joint

Very limited test data indicate that beams fram-
ing into the core have a beneficial effect on the

. shear strength of the core. However, the confining

influence of such members has not been studied
systematically and considerable work needs to be
done to evaluate the factor y included in the ree-
ommendations. Confinement and forces produced
by lateral beams and floor slabs should be con-
sidered in such tests.

A.3—Effective core area for shear calculations

Tabulations of the shear strength of the con-
crete in core are dependent on the effective core
area selected. A key question is the manner in
which concrete cover over the transverse rein-
forcement should be treated, Studies are needed
to evaluate the effectiveness of concrete cover for
shear strength in thé presence or absence of lat-
eral members framing into the joint.

AA—Influence of biaxial forces on shear strength

All beam-colurmn joint studies reported are
limited fo the application of loads or deformations
producing shear in tne of the principal directions
of the joint. Work is needed to evaluate the in-
fluence of biaxial forces acting on the core. It is

important that beams in both directions are sut
jected to seismie loadings so that the influence ¢
biaxial shear (and torsional forces) on the core z
well as damage to “confining” beams be fully ex
plored. Studies are also needed to evaluate th
behavior of joints with beams and columns n¢
arranged concentrically on the joint core so th:
torsional stresses are induced.

A.5—Influence of axial column loads

The equation presented in the recommendatior
for shear strength of the core concrete indicat
that comypressive axial loads are beneficial, In tk
absence of test data, the shear strength is assume
to be zero where known iensile forces act on th
column. For Type 2 joints, the tensile forees ¢a
be induced by vertical grouné motions and/or tt
overturning moments due to lateral excitatic
which are highly variable.

At present there are no data available regardir
the shear and flexural behavior of columns und.
such excitations.

A.6--Shear strength of joint

The recomrmendations include a provision limi
ing ultimate shear stress on the core to 20V 7, ar
the contribution of transverse reinforcement
15Yf.’. These values must be examined in light
tests in which the influence of biaxial fores
lateral members framing into the joint, and o«
umn tensile forces are evaluated.

A7—Size and location of members framing in
joint

The recommendations are limited to cases whe
the beams are no wider than the columns a
beam reinforcement is located within the colun
reinforcermnent. Research is needed to evaluate ¢
performance of the joint where the beam is wid
than the column and all the beam reinforceme
may not be placed within the column bars. Whe
beams are not concentric with the column, torsi
may be produced in the joint and add to the she
stresses. No data are available on the effect of ¢
centric beam locations.

A 8—Column hinging

To prevent shear strength deterioration in t
columns, the recommendations call for joint tra:
verse reinforcement to continue into the columr
for a distance equal fo the effective depth of 1
column. In addition, the flexural capacity of 1



columns at the joint must not be less than that of
the beams framing into the joint. The provisions
are intended to insure that hinges form enly in
the flexural members. Studies are needed to eval-
uate the consequences of colump hinging on per-
formance of structures.

A9 —Anchorage capacily of hooked bars

The recommendations include. provisions for
calculating the capacity of standard hooks under
certain conditions of confinement. Tests are
needed to evaluate the confining influence of
members framing into the joint normal io the
plane of the hooked bar. Such tests should include
an evaluation of bars passing through the joint in
the vicinity of the inside radius of the hooks and
should also be conducted with loads on the lateral
beams. Additional straight lead embedments are
calculated using the development length equation
of ACI 318-71 modified to reflect an assumed bene-
ficial influenee of lateral confinement. The basis

407

for calculating straight Jead embedments remains
to be established.

A.10—Anchorage of straight bars through joints

Under racking loads straight bars which extend
through a joint may be subjected to a tensile force
at one critical section and to a compressive force
at the opposite face. This combination of forces
coupled with severe load reversals may lead to a
rapid deterioration of the anchorage capacity of
the bar. Studies are needed to evaluate the magni-
tude of the problem and to develop means of im-
proving anchorage capacity.

A.11—Lightweight aggregate concrete

Studies are needed to evaluate all aspecis of
joint behavior where lightweight aggregate con-
erete is used. Tests are needed to evaluate the
ductility of confined sections under axial load,
shear strength of joint cores and members under
load reversal, and anchorage capacities of both
straight and hooked bars,
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WORKSHOP ON EARTHQUAKE-RESISTANT REINFORCED
CONCRETE BUILDING CONSTRUCTION (ERCBC)
University of California, Berkeley, July 11-15, 1977

SUMMARY OF PRESENT CODES AND STANDARDS IN THE WORLD
by

Makoto WATABE
Director of Structural Division
Building Research Institute
Ministry of Construction

INTRODUCTION

The purpose of this paper is the introduction of basic ideas of earthquake
resistant regulations in the world except U.S5.A. A recent Draft of Earthquake
Resistant Requlation in Japan is explained egpecially in detail. The basic
philosophy of earthquake resistant design of building structures are 1) to
prevent loss of human life and personal injury, 2) to minimize damage to
property, and 3) to ensure vital services, in the event of earthquakes.

It is a well recognized fact, however, that to provide complete protection
against all earthquakes is not economically feasible. It is generally accepted
that earthquake design forces should be estimated in order 1) to prevenit struc-
tural damage and minimize other damage in moderate earthquakes which occasional-
ly oc¢cur, and 2) to avoid collapse or serious damage in severe earthguakes
which very seldom occur.

General Procedure

The seismic analysis of a structure is usually perfomed by a method using
eguivalent static loadings to represent the dynamic actions of the earthguake
upon the structure. In this case the lateral seismic forces to be distributed
over the height of the building are determined according to one of the follow-
ing methods:

1) The total seismic force on a structure ig determined by the so-called
base shear coefficient. For a further step, the total seismic foxce
is distributed over the height of the structure, by considering the
response of the structure during earthquakes.

2) The lateral seismic force at each floor level is directly determined
by so-called lateral seismic coefficients. These coefficients are
generally varied over the height of the building, in consideration
of the response of the structure during earthquakes.

Either of these methods should give a similar result when applied properly.

The value of the base shear coefficient or the lateral seismic coefficient
is usually evaluated by considering the following factors:

1) Dynamic properties of the structure (natural periods of vibration,
modal shapeg, damping)

2) Type of construction (ductility or energy-absorptive capacity of the
structure)



3) TImportance of the structure as related to its use
4) Seismicity of the region

5) Subsoil Conditions

6) Allowable stresses and load factors

The force induced by an earthquake on a structure may act in any direction.
Howaver, only horizontal components of the earthquake forces are uswally con-
sidered and these are generxrally taken to act nonconcurrently along the two
main axes of the structure, although scme consideration is now being giwven to
their concurrent action.

Vertical seismic forces also should be considered in the design of a
structure and/or portions of the structure when it is deemed necessary.

The value of vertical load to be used for seismic calculations is equal
to the total dead loads plus a probable live load for the structure under
consideration. In heavy snow areas, the probable snow load is also considered.

Larger seismic coefficients than those for the building as a whole are
usually applied to the design of parts or pertions of buildings such as cantil-
ever parapets, supported structures (towers, tanks, penthouses, chimneys, etc.)
projecting from the roof, ornamentations, appendages, etc.

The provisions prescribed in seismic codes in connection with earthguake
loading and response criteria include 1) distribution of horizontal shear,
2) evaluation of overturning moments and horizontal torsional moments, 3) drift
limitation, 4) separation of buildings, 5) setbacks, 6) structural design
requirements including the problems of providing the necessary ductility, ete.
These are the essential items to achieve sound structural design of bhuildings
to resist earthquakes.

In some earthquake countries, the earthquake design forces are determined
by a dynamic analysis due to design earthquake motions selected to he appro-
priate for site and soil conditions. This method is recommended and may be
required for specific structures such as slender high-rise buildings and
especially important structures involving unusual risks. The elastic and
inelastic dynamic analyses based on time-history accelerograms are used for
the aseismic design of tall buildings in some countries.

CURRENT SEISMIC CODE REQUIREMENTS

Horizontal Earthquake Force and its Distribution

The earthquake loading prescribdd in most current seismic cddes in the
world may be represented as follows:

F=0C(2I5KTW=ZLfj
or £i= ki {Z,1,8,K,)w;
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where F = total earthquake force or shear at the base of the structure.
£, = lateral seismic force applied to the level designated 1i.
¢ = seismic base shear coefficient which is determined in considera-
tion of 2, I, S, K and. T,
ki = lateral seismic coefficient assigned to level i which is determin-
ed in consideration of 2, I, 8, K and T.
W = total vertical load used for seismic calculations,
wi = portion of W which is located at or is assigned to level i.
Zz = seismicity of the region (seismic zoning factor).
I = importance of the structure as related to its use (importance
factor).
3 = subsoil condition (soil factor)
K = type of construction, damping, ductility or energy-absorptive
capacity of the structure {construction factor).
T = natural periocd of vibration of the structure in the direction
under consideraticon.
The horizontal earthquake force and its distribution prescribed in some
of the typical seismic codes are explained in the following chapter,
CaNADA ; National Buidling Code of Canada
F=(¢(2,1,5,KT)W=2-I-5K _%;Qi_w
7z =1, 0.5, 0.25 Jﬁ?
IT=1.3, 1.0
$=1.5, 1.0
kK = 1.33, 1.0, 0.8, 0.67
(F-f¢)wih; n
£f3 = /4 F= ¥ fi+ f¢

where fi
T
n
The

NEW

n
z thx i=1
x=1

fe= 0.07 T™W £ 0.25W

£¢= 0 for T £ 0.7
= concentrated load at the top of the slender structure
= fundamental period of vibration ({sec.)
= number of the maximum stories

design earthquake loading may be determined by dynamic analysis.

ZEALAND : New Zealand Standard Code of Practice for General Struc-

tural Design and Design Loadings {NZS54203), (1976)

C(Z,I,R,$,K,T)W = (2,5, 7T R-K-W
Cgr T R-K-W

For rigid and intermediate soils,

[eNeNe}
==~
non oy

= 0.15, (0.125), [0.1] T < 0.45 no parenthesis : Zone A

0¢.075, (0.0625), [0.05] T > 1.2 round bhlacket ( ) : Zone B
linear decreasing with period T 0.45<T<1.2 square blacket [ ]
Zone C

Far flexible soil,

Cp = 0.15, (0.125), 10.1] T £ 0.6, {0.7) 10.8]
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Cy = 0.0825, (0.075), [0.065] T > 1.2
Cg = linear change 0.6, {0.7), [0.8]<T<1.2
I=1.0, 1.3, 1.6
R = yxigsk factor = 1.0, 1.1, 2.0, 3.0
K=K'xM
K' = gtructural type factor = 0.8, 1.0, 1.2, 1.6, 2.0, 2.5
M = structural material factor = 0.8, 1.0, 1.2
0.04 £ C < 3.6 Cg-1+M
(F-ft)wihi n
fi =—————— , F= % fi+f
% wxhy x=1 * €
x=1 fy = 0.1F for slender structures

Dynamic analysis using spectral mcdal analysis is allowed for any building
and may be required for special structures. Lower limit of the base shear for
dynamic analysis is 0.9F of static analysis. Time history response analysis
may be used to supplement the spectral modal analysis.

VENEZUELA : Provisional Standard for Barthgquake-Resistant Structures,
December 26, 1976

F =C({2,I,8,X)W = Z[I.-S-K}W
Zz =1, 0.5, 0.25
fI-S+'K] = 0.045, 0.15

wihi
BEFnT T
xElwxhx

The above mentioned formulae are applied for buildings less that 20 floors or

less than 60 meters in height. For designing buildings taller than the above,

dynamic analysis is regquired in addition to the static design method. The
final stresses to be used for design shall not be less than 60% of those due to
the static design method.

U.S.8.R. : Standards and Regulations for Buildings in Seismic Regions
{1970)

Fri = Kgi (2,T, Tewy
= [2.I]Bx-Nki-wi
where fyxi = design seismic forece acting i in k th vibrational mode
Ty = natural period of k th mode
[Zz-1I] = 0.1, 0.05, 0.025
1

Bk = E; ; 0.8 < Br 23, Bk : increased for very slender structure
n
o xkijglexkj
ki = n Xijr Xgj = deflection at j and i in K the
.E WiXp§ mode
J=1

In designing most structues, only the fundamental mode of vibration of the
structure need be considered. For tower-like structures (height/width 2 5) and
flexible frame structues (T; > 0.5 sec.), higher modes {(up to the third mode)-
of vibration should be considered. In this case, the stresses (moments, axial
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and shear forces) of the structure are computed by the following formula:

n
N =/ 82pax * O.5§Ni2

where N = value under consideration
Nmpax = maximum value among all modes of vibration
Nj = other value except Npax

The seismic stress induced in buildings higher than 5 stories should be
multiplied by the following factor:

a=1+0.,1 (n-5) < 1.5
n = numbey of the maximum stories
INDIA : Criteria for Earthquake Resistant Design of Structures,
Jan. 1970 (IS: 1893 - 1970, Second Revision)
0.5

F = C(2,T,5,1,TIW = ayr I-§.K vl
T
o = 0.08, 0.05, 0.04

r =1.0, 1.5
s = 1.0, 1.2, 1.5
K = 1.33 gax. and 0.33 min.
_Fwihi
fi T on »
L wih*.
i=3 vt

The above mentioned formulae are applied for buildings lower than 40 m
in height. For buildings taller than 40 m in height and up to 90m, modal
analysis is recommended., For buildings taller that 90 m, detailed dynamic
analysis shall be made hased on expected ground motions.

Vertical Earthguake Force

Earthquake ground motions are in three dimensions, including both horizon-
tal and vertical components. The vertical component is usually less intense
than either horizontal component and is usually characterized by higher fre-
quencies. In the vicinity of the epicenter, however vertical acceleration
may be higher.

Recent records obtained by strong motion seismographs indicate that
considerable values of vertical acceleration have been cobserved at the upper
floors of high rise buildings.

In most seismic countries the vertical seismic forces due to earthquakes
are not considered for the design of structure except for the effect of uplift
forces and for very important structures such as reactor buildings in nuclear
power stations. It should be noted, however, that the vertical seismic coe-
fficients of 1.2 to 1.4 are usually considered for the seismic design of
buildings in Italy and France.

Although no reguirements are provided for concurrent vertical and
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horizontal foreces in most selsmic codes, the recent accelerograms obtained
have suggested that effect due to veritcal component should be investigated.

Seismic Regionalization

Seismicity of the region for the construction site is usually indicated by
a seismic zoning map, which may be determined either from the seismic history
of the region or on the bages of seismotectonic factors, or from a combination
of these approaches.

The maximum intensity of earthquakes to be expected in a region in a given
future period of time, say about 100 vears, is sometimes considered as the basis
of the local seismicity.

The intensities of the earthquake motions are sometimes given in terms of
the Modified Mercalli Intensity Scale {1931)., The intensity of the most
seismically severe zone is usually IX of the M.M.Scale which may correspond
to 0.3g to 0.5g9 in ground acceleration.

Importance of The Structure As Related To its Use

Some seismic codes include classifications of strucutres depending upon
what is called the importance of the structure. Larger static forces are
frequently required for

1) buildings which have essential functions for the safety of public,
after the hazardous earthquake

2) buildings where a large number of people assemble
3) buildings, the collapse of which endanger the surrounding public

The first cateqgory includes hospitals, emergency relief stores, fire
stations, telephone exchanges, broadcasting and television buildings, power
stations, etc. These structures should remain in operation after an earth-
quake. The second category includes assenmbly buildings, .schools, theatérs,
etc, where many human lives in each structure may be endangered in case of
collapse. The third category includes nuclear power plants and chemical plants.

The value of the importance factor employed in the geismic codes is
usually in the range of 1.2 to 1.5 in the evaluation of earthgquake forces. In
U.S.5.R. and other seismic countries in eastern Europe much larger walues (2
and 4) are used in the aseismic design of important structures.

Subsoil Conditions

Tn some seismic codes, the effects of subsoil conditions are taken into
account independently or in combination with the type of construction of the
building for evaluation the earthquake forces.
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It is recognized that some components of the seismic ground motion are
ragnified on soft subsoil layer and that tall flexible buildings constructed
on soft soil may suffer greater damage than those on hard layers.

on the other hand, it is generally recognizZed that the motion of the
ground at a particular site during an earthguake has a characteristic period
of vibration which tends to be short on firm ground and long on soft ground.
Therefore, attention should be paid to the problem of the resonance of a
structure with the ground motion, together with the complex interaction between
them.

In the evaluation of earthquake forces, the ratio of soil factor for soft
soil to that for hard secil is generally taken in the range of 1.5 to 2. 1In
some countries such as Chile and Mexico, the soil factors are given in combina-
tion with the type of construction, taking their dynamic properties into
consideration.

Types of Construction Related with Ductility

The overall ductile property of a structure provides an important contribu-
tion to its earthguake resistance. The capability of the structure to absorb
& large amount of energy in the inelastic range is essential to avoid catas-
trophic failure.

It is recognized that moment-resisting frames of ductile materials such
as structural steel and ductile reinforced concrete have shown good earthquake
resistant characteristics. In the case of reinforced concrete buildings,
however, some structures are subjected to the brittle shear failure. So
provisions to avoid shear failures in such building should be followed.

In some seismic codes such as the U.S.A. and Canadian codes, the coeffi-
cient K is assigned to different types of structural systems. The ratio of
the maximum value of K to the minimum is 2 as shown in paragraph 3.1.

It is interesting to note that the construction factors aze considered
in relation to the damping of the structure in the Rumanian seismic code.

Drift Limitations

Contrecl of lateral deflection or drift of a story relative to its adjacent
stories is considered to deal with the problems of 1) restriction of damage
to the non-structural components such as glass panels, curtain wall panels,
plaster walls and other partitions, 2) reduce panic or discomfort due to large
motions and 3) control of building stability in inelastic deformations.

In should be noted that realistic interstory drift during earthqguakes
are best estimated by computations using a method of dynamic analysis. However,
drift limitations using design static earthquake loading are given in some
seismic codes. The values of the interstory drift are limited to 0,002 of the
story height under the seismic design loadings in Mexico.
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In Japan there is also no provision for drift limitation in the Building
standard Law, but the value of 2 cm per story is usually taken as the limit of
drift for high rise buildings when computed by a method of dynamic analysis.

In connection with the proklem of drift, there are provisions for the

separation of buildings in some seismic codes such as U.5.S.R., Venezuela,
Mexican and Portuguese Codes to avoid hummering reactions due to earthquakes.

Horizontal Toxsicnal Moments

The torsional effects of earthguake forces are considered in the aseismic
design of a structure with eccentric mass distribution.

Considering the inaccuracy of estimating eccentricity, the seismic codes
of some countries such as Mexico, Canada and U.S5.A. consider a larger eccen-
tricity than the computed ones. When the eccentricity thus increased is
relatively large in comparison with the corresponding plan dimension, the
effect of torsion is doubled or a dynamic analysis is required in the case of
the Canadian seismic code.

Overturhing Moment

As a building (especially a tall building) is excited by the fundamental
but also higher modes of vibration, the evaluation of the overturning moment at
a given level of the building should be made by a method of dynamic analysis.

The distribution of eguivalent static earthquake forces prescribed in the
seismic codes primarily reflects the forces that may be developed by the
dominant fundamental mode. Therefore it has been considered that the overturn-
ing moments computed by the distributed earthguake forces prescribed in the
code may be conservative for the calculation of the axial loads from earthguake
forces on vertical elements and footings.

In the seismic codes of Canada, the provisions on the reduction factors
of the overturning moment at any given level are prescribed. The value of
the reduction increases with the increase of the fundamental period of vibra-
tion of the building and also with the distance from the top of the building
to the lower level undexr consideration.

Dynamic Analysis

The usual dynamic analysis procedure is to use either the earthquake
responge spectra or time-history accelerograms as the basis of design.

Modal analysis procedures based on earthquake response spectra are
préscribed in the seismic codes of India, Mexico, New Zealand, Peru, Rumania,
J.5.5.R. and Yugoslavia. In the modal analysis the maximum dynamic response
ig usually obtained by the method of "Square root of sum of squares, "taking
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the first three vibrational modes into consideration.

Dynamic analysis based on the time-history accelerograms of appropriate
earthquakes are recommended for aseismic design of tall buildings in the
seismic codes of India and Canada.

When the structural response obtained by the dynamic analysis is not
satisfactory, the assumed structural model is modified and a revised response
is computed, This procedure is repeated until a sound structural design of
the building is accomplished. In tall buildings there may be many items of
mechanical and electrical equipment and piping, some of which should ratain
their functions during and after a severe earthquake. The aseismic design of
these installations should be made by dynamic analysis procedures based on
the earthquake response of the portions of the building which support them.

A DRAFT OF EARTHQUAKE RESISTANT REGULATIONS IN JAPAN

This Draft of Earthquake Resistant Regulations owes a great deal to the
results of investigations of the major ministrial project on new technology
for synthegized earthquake registant design in Ministry of Construction, which
had been carried out from 1972 through 1976, T also has reflected the results
of investigations in universities, public and private laboratories. To
establish a practical and raticnal earthquake resigtant method is the purpose
of the Draft. '

Outline of Draft of Barthquake Resistant Regulations

Damages of structures caused by Niigata Earthquake (1964), Tokachioki
Earthquake (1968) and San Fernandoc Earthguake (1971) stimulated to improve and
rationalize the earthguake registant regulations. TFor this purpose, the new
major minigtrial project and bheen carried out from 1972 through 1976 and A
Proposal For Earthguake Resistant Regulations was presented by Ministry of
Construction in March 1977, This project consisted of 6 themes and 20 sub-
themes.

The proposal has been devided into 2 parts. In part I, a fundamental
conception commonly applied to bridges, soil structures, underground structures
and buildings is proposed. Part II deals with the calculation methods of
buildings. The draft is compiled according to the following principles.

(1)Standardization of Fundamental Conception-~-Each earthquake resistant
regulation has its own bhackground. It has improved by itself by studying the
damages of structures caused by past earthquakes, analyzing the earthquake
ground motions which have been obtained by the strong motion observation
network and investigating the characteristics of structures and their members.
Consequently the design methods have been diversified in accordance with the
uses and types of each structure.

In the project, existing earthquakée resistant regulations were reviewed
and the fundamental conception for designing bridges, soil structures,
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underground structures and buildings were proposed.

(2) Clarification of Design Procedure--Up to the present time earthgquake
resistant design has mainly been concentrated on the calculation methods. The
fundamental design procedure has not satisfactorily been clarified. The Draft
made clear the fundamental design procedure considering characteristics of
earthquake ground motion, seismic performance and safety.

(3) Systematization of Design Procedure--Earthquake resistant design is
required to have an adequate procedure in accordance with the characteristics
of subgrounds and structures, The Draft shows fundamental conception for
earthquake resistant design in order to indicate right procedure to follow,

Fundamental Conception of Aseismic Design

In earthquake resistant design following items should be considered.

(1) Characteristics of structures

(2) Uses of structures

(3) Types of structures

{4) Scales of structures

{5) Circumstances of structures

(6) Damages of structures and surrounding grounds caused by part earthquake
Fig.2 shows a fundamental procedure of aseismic design. In the procedure, the
process to caleculate seismic force or earthquake responce is classified into
4 methods as helow.

(1} Seismic coefficient method

{2) Modified seismic¢ coefficient method

(3} Seismic deformation method

{4} Dynamic analysis method

The method to be selected among these is determined by congidering charac-
teristics of structures,

Standard Seismic loadings for Aseismic Design

Seismic zoning is presented herein in order to indicate characteristics
of earthquake ground motion at each site. Frequency of past earthquakes,
records of strong-motion earthquakes and seismic activity in a relatively
wide area were taken intc account in the zoning.

To determine the intensity of earthguake ground motion at certain site,
seismic zoning as stated above and the characteristics of ground should be
taken into consideration,

Seismic loadings for aseismic design is evaluated by the coefficients
concerning the seismic zoning and the characteristics of ground according to
the method of earthguake resistant design.

Soil Investigation and Seismic Behaviors of Subscil Layers
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Investigating the documents on the damages of soils caused by the past
earthguakes is quite instructive in earthquake resistant design of structures.
If it is necessary, the characteristics of soils at the construction site should
be investigated. Seismic loadings are determined considering the results of
investigations and examinations stated above.

The Draft also requires the examination and.confirmation of soil stability.

Calculation Procedure for Building Structure

1. Design Procedures and Steps--This aseismic design method involves six
design procedures and esach procedure has two steps. One or more of the six
procedures would be selected, according to the structural properties and the
use of the building ; materials, seismic resisting system, height, ete,

The step 1 of these design procedures should satisfy the condition that
the response of the structural members as well as the non-structural elements
caused by the frequent earthquakes should not exceed the elastic range of the
materials and the caused damages should be small enough that the repair would
be scarcely required due to such earthquakes.

The step 2 following step 1 should satisfy the condition that the build-
ing structure would not collapse by the maximum possible earthguakes such as
Kanto Great EBarthguake in 1823,

The schematic chart of thege design proceudres and steps is set forth in
Table 1.

2. Seismic Force--The total lateral geismic force ig basically determined by
the following formula :
o= CW (1)
Where C is the seismic design coefficient given by formalae (2a), (2b), (3a)
or {3k). W is the total dead load of the building and applicable portions of
other loads.

The seismic design coefficient for step 1 shall be determined in accox-
dance with the following formula :
Cl1 = Z:Go(T)-eCo (2a)
Where Z is the seismic hazard zoning factor prescribed in section 3. Go(T)
is the soil profile spectrum for approximation as given in section 4 and T is
the fundamental natural period of the building in seconds. eCo = 0.2 is the
standard base shear coeffigient for step 1.

In procedure I-A or I-B, the height of the building concerned is low and
the value of T is small. Accordingly, Go(T) is considered to be constant and
1.0. Therefore formula {(2a) is reduced to (2b) :

C1 = Z-eCo (2b)

The seismic design coefficient for step 2 shall be determined in accor-
dance with either of the following formulae :
Cy = Z-Go(T) Ky pCo (3a)
Cz = Z2:G (T)-K2-pCo : (3b})



3. Seismic Harard Zoning Factor—-sSeismic hazard zoning factor Z was deter-
mind by the seismicity, appling the theory of extremes, statistics and the
engineering judgement. The values of Z are given in Fig. 3; seismic hazard
zoning map.

4. So0il Profile Spectrum-—The effects of the soil profile properties and the
natural period of the building are expressed as the soil profile spectra as
given in Fig. 4.

Ccne of these spectra Go{(T) is for the approximation and the rest four
G1 (T} correspond to four soil profile types.

The scil profile types are defined as follows :
Soil profile type 1 is a profile with rocks, hard and well consolidated sands,
etc.
Soil profile type 2 is a profile with sands, stiff clays, hard lcams, etc.
Soll profile type 3 is a profile which would not belong to other types.
Soil profile type 4 is a profile with soft clayes, loose sands, etc.

5. Structural Coefficient--Tt is a well known fact that the ductile structure
could abscrd more energy than the brittle one and it is not practical to design
the huilding to be completely elastic when subjected to the maximum possible
earthquake motion. Accordingly the structural coefficients, K3 and K3 are
propoged and they would be denoted as the response modification factors
dependent on the energy absorption capacity of the building to the earthguakes.
The values of these factors are given in Table 2, according to the structural
materials and system, and ductility level, K3 would be used in procedure II-A
and Kz in procedure IT-B, IIT-A and TTT-B, as shown in Table 1.

6, Seismic Hazard Exposure Factor--According to the use or the character of
the occupancy of the building, the appropriate design procedure could be
selected or the seismic hazard exposure factor could be adopted to be used in
step 1 or 2. The value of the factor is not specified in this method, because
the reliable theory to determine the value is not developed yet, -But it can
be suggested that the probability of failure, larger deviation of the seismic
resistant capacity as well as far larger deviation of the seismic force,
social utilities and the acceptable level of mortal risk should be studied to
determine the value of the seismic hazard exposure factor.

Concluding Remarks

The proposed aseismic design method is based on the principle that make
it possible to apply the new theory and research as well as to utilize the
new materials and structural system. If one of the six design procedures
would bhe selected properly, the building designed might be expected to stand
against the strong motion earthquakes with economical designing effort and
economical use of structural materials.

However, the details of the Draft might be subjected to minor modifica-
tions through the following extensive studies:
i) re-examination of various parameters
ii) case study on different types of buildings

419
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iii) simplification of the Draft for practical use.
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ABSTRACT

The paper presents a rapid overview of the technigues currently employed
in the probabilistic forecasting of earthquake ground motions and a brief
introduction to reliability principles as they could be applied to reinforced
concrete construction. It is shown that while the basic forecasting method-
ology is reasonable, the techniques leave much to be desired particularly
with respect to the assessment of criteria.

Several new developments are presented which show promise of increasing
the state of knowledge about ground motion from an improved treatment of
existing data. The basic error in response spectrum code provisions is
discussed. A limited statistical analysis of the response characteristics
of oscillators to a variety of earthquakes is presented as well as the
results of decomposition of records intc collections of transients.

INTRODUCTIGN

The purpose of this discussion is to present a rapid overviaw of a very
large subject. The results of probabilistic analyses that appear as func-
tions or numbers in seismic codes are few and it is unlikely that this will
change greatly in the next few years. There is a natural reluctance on the
part of professional engineers to change a subjective design practice on the
basis of the mathematical rationality of a poorly understood procedure.

A code design criteria must be deterministic and each such item is the
result of a decision process. In contrast, the occurrence of earthquakes
and associated response of siructures to earthquake ground motien s uncer-
tain prior to the occurrence of the event. Such scientific forecasts about
the uncertain future, however, are one of the key ingredients in the deci-
sion process which results in the code. This discussion is primarily con-
cerned with the making of the rational probabilistic scientific forecasts
that can be reflected in criteria.

The material that follows focuses on loadings since the associated meth-
odoiogies have become relatively stabilized. In contrast, although a great
deal is known about the real performance of reinforced concrete members and
assemblies, this information has not been properly translated into codes.

The interaction between the variabilities of strengths in assemblies has not
been considered by code-making bodies. The theory of reliability has not
been considered in codes dealing with reinforced concrete. Reliability
theory differentiates between precast and continuous cast-in-place construc-
tion, with the latter being given a position of advantage that it does not
have in the current codes.
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The techniques that follow have evolved over 3 considerable span of time
and are continuing to slowly evolve. Standardization of procedures has had
the usual result of inhibiting research. The developments have occurred in
diverse fields under a multitude of differing circumstances ranging from the
need for an academic paper to the acceptable risk associated with a nuclear
power plant. In addition, scientists have often considered themselves to be
engineering-decision makers, thereby confusing their recommendations as
scientists.

Forecasting of Earthquake Loads

The probabilistic forecasting of future earthquakes and associated con-
sequences follows a simple and direct logic. The basic assumption is that
recorded history provides an adequate basis for forecasting the future.
Thus, if the ground at the site of interest has shaken with an intensity of
MMI VIII on an average of once every 50 years for a sufficiently long period
of time, the assumption is made that future MMI VIII events will occur at
average 50-year intervals. Aside from uncertainty as to the design require-
ments for a MMI VIII intensity, such as forecast is both useful and
reasonable,

Poisson Occurrence Forecasting

Before examining the more complex cases of sejsmic source areas, atten-
uation, levels of events, ground shaking measures, and decision making, it
is useful to continue the previous example., It was assumed that only MMI
VIII events are of interest and one such event occurs at the site each 50
years on a Jong-run average. For example, assume that the times in years
between the last five events are:

35 years
50
45

70
Sum 200 Mean = 50 years

The quantity of data is small and the scatter is large so that it is
difficult to justify a very complex model of occurrence hased on strain accumu-
lation, for example, even though the tectonic evidence indicates this could be
the case.

The simple Poisson process [1],[2] is selected to mode! the occurrence of
MMI VIII earthquakes at this site. The assumption is that an MMI VIII earth-
guake is equally likely to occur in any year (despite the fact that very short
time intervals are not found in the data). If the probability of an event in
any year is one in fifty or 0.02, the occurrences are simple Poisson. This is
the basic model employed in all practical forecasting although much more
sophisticated models could be used.



The probability of r events in t years if the annual mean rate of occur-
rence is u is defined by:

The mean of r is: m{r) = ut

If u=0.02and t = 50, m{r) = 1. The return period or recurrence
interval of MMI VIII events is 50 years. The probabiiity of occurrence of
an event with a 50-year return period in the period O to 50 years is 0.63 or
almost two-thirds.

The usefulness of this model is readily shown. If the probability of
occurrence in any year is u, the probability of nonoccurrence in any year is
1-u, and the probability of n consecutive years of nonoccurrence is (1-u) .

Thus the probability of at least one occurrence in n years is,
1 - (]-u)n
so that if u = 0.02, n = 50. (Forecast time is the same as return period.)
)50

P(at least one occurrence) = 1 - 1{-0.02 = (.63

From the Poisson model,

P(at least one occurrence) 1 - P{no occurrences, r = 0}

~ut

This expression is very useful in criteria studies. If the useful life
of the facilily is 50 years and we are wiiling to accept a probability of 10
percent that at least one criteria or larger event will occur in that 50
years, the design event is that having a 475 year return period since

50 - 50

1 LYES

0.10 = ]-(]—m) = 1-e

This is the basis of the recently published seismic hazard maps by
Algermissen and Perkins of the USGS [3], as well as the ATC-3 maps of
effective peak acceleration and velocity.

Note the value of the concept in comparing different geographical areas
since a 500-year event can involve different levels of events. That is, if
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the 500-year events at differing localities are used to design iwo structures
(different designs) and losses are identical with exceedance of this load
level, the mean annual losses are identical at the two sites.

Levels of Occurrence

As a first approximation, many natural phencmenra show an exponential
relationship between size of event and event frequency. This type of
multiplicative relationship betweeen size and frequency appears to fit
earthquakes small to large in size, excluding both very small events and
great events,

A plot of intensity or magnitude against the log of frequency of exceed-
ance gives a reasonable fit to a straight line. It has been common to neg-
lect uncertainty in magnitude and thus to fit a straight line to plotted
points assuming that the variability is entirely confined to frequency of
exceedance. Such a plot defines the mean annual rate of occurrence of events
of sizes within the data and thus fits into the discussions of the previous
section.

As long as such a plot was only an issue in academic discussions, there
were few problems. However, the extension to criteria and codes has produced
serious unresolved problems of two types. First, what is the maximum credi-
ble event and, second, how does the code handle the more frequent lower level
event? The Nuclear Requlatory Commission's {NRC) Safe Shutdown Earthquake
(SSE) and Operating Base Earthquake (OBE) are examples of these problems. The
NRC regulations define the QBE as one-half the SSE, thereby implying a Tinear
relationship to a highly nonlinear problem.

It is thus worthwhile to examine the level of occurrence problem in
some detail. Assume that the data are in the form of Modified Mercalli
Intensity (MMT) for 135 years of historical record. The year of occur-
rence s unimportant since these are Poisson events. In 135 years, the
record is:

Intensity Number

VII to VIII
VI
v
IV to V
Iv 3

O~

These data are plotted in Figure 1 as Source 1 according to the assumption
that the events are Poisson and intensity is exponentially distributed. The
data are plotted by beginning with the largest event, VII.5 (average of VII
and VIII), and plotting this value at a 135-year return period or 0.0074
annuatl exceedance prebability. The next data point is the first VI event
plotted at a return period of 135/2 = 67.5. The next VI event is plotted at
135/3 = 45 years, the fourth at 135/4 = 33.7 years, etc. The plot on semi-
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log paper shows a reasonable fit to a straight line. A second set of data
is shown for Source 2 for the purposes of comparison. Source 2 differs
tectonically from Source 1 but is in the same general geographic region.

The assumption is that the probability density function of intensity is
as shown in Figure Za. Unfortunately, the assumed model is unlimited with
respect to large values of intensity. Following conventional procedures,
the assumption is then made that the maximum credible event is VII.5 or a
larger value. If the largest possible event is VII.5, this effectively says
that the model is bilinear on Figure 1 as shown and the model is that of
Figure 2b. The model of Figure 2b is not compatible with our knowledge of
physical phenomena in that the probability density function cannot contain
discontinuities. For this reascen, two more assumptions were investigated,
Timits at VIII and IX with models shown in Figures 2¢ and 2d.

Is the assumption of large limits more or less conservative? Table 1
shows that the rough model is more conservative as long as the theory of
probability is applied properly. Difficulties have arisen, however, as a
consequence of selective application of probability concepts such as a
neglect of normalization. If the tail of a probability distribution is
truncated or cutoff, it is necessary to normalize the model to make the area
unity again.

Thus it is possible to examine varioys assumptions rationally with
respect to Targest values. It is also possible to examine the Tower level
event defined on the basis of allowahle damage or the Timit of elastic
response, for example. Although such concepts have only been explored, it
is possible to construct a loss function for a set of graded designs against
earthquake intensity. FEach of these loss functions can be combined with the
occurrence-level relationship to obtain an expected annual loss from earth-
quakes for each design. A cost-effective analysis follows directly with the
result being identification of the optimum design considering all possible
future earthquakes. One ocbvious difficuity with such analyses is the inter-
action between the structural systems and other systems in terms of function
of the facility as well as hazards. That is, all systems must be considered,
not just those associated with Tlosses. Losses by themselves do not consti-
tute a basis for decision making. The motivation for construction of & build-
ing is not the aveidance of earthquake Tosses.

Sources and Attenuation

Earthquakes are rare occurrences so that the possibility of simulta-
neous great events on the San Andreas and the Hayward faults can be neg-
lected. Thus it is possible to consider several sources by simple addi-
tion of separate influences. 1In general, near field earthquake effects are
not properly considered in existing seismic risk analysis procedures. Thus
the site of interest should be at some distance from the energy source in
order for the methodology to be valid. Obviously, this is not a problem if
the data consist of intensity or ground shaking characteristics at the site
of interest from diverse earthquakes. In the absence of such data, the tech-
nique is effectively to simulate such a set of data by attenuating the ground
motion from earthquake sources to the site in question with each such source
associated with an appropriate annual frequency-size relationship.
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Errors unavoidably exist for sites located inside major seismic energy
sources that can only be resolved by employing a finer net of source areas.
These errors are associated with the assumption that every point aleng a
selected fault length has equal 1ikelihood of being an epicenter or every
point in a source area can be an epicenter location. With large scurce
areas or long faults, this can be a gross approximation for sites near to
the energy source since it amounts to the shifting of energy from areas of
high-energy-release rates to areas actually having lower Tevels of activity.
Yet there is not much choice in modeling owing to the extreme unlikelihood
of an exact repetition of history plus strain-build-up considerations that
make areas with 1ittle historic record of activity likely sources of future
activity.

Attenuation can be in terms of Modified Mercalli Intensity or magni-
tude. It is indicative of the state of knowledge that each of several fore-
casting techniques can produce up to an order of magnitude difference in site
forecasts. For example, if an M 8.25 earthguake is assumed on the San
Andreas fault and the site of interest is the Berkeley campus of the Univer-
sity of California, it is possible to attenuate M 8.25 directly to the site
in terms of peak ground acceleration. Alternatively, the M 8.25 event can
be related to acceleration at the fault and then this acceleration atten-
uated to the site. The M 8.25 can also be translated to MMI at the fault,
MMI attenuated to the site and then the site MMI translated into accelera-
tion. The range of forecasts by various techniques can involve as much as a
factor of 10 in the final results and yet each of the relationships used
makes best use of the available data.

The reason for extreme variability or uncertainty is usually the result
of the combination of systematic variabilities with random effects. This is
the case here. In the forecasting problem, the models used are guite obvi-
ously gross approximations of very complex phenomena. It is possible to
make more refined studies but at great increase in cost and effort. Very
sophisticated methodologies and techniques exist that can resolve many of
these issues but thus far there has been no government or industry support
for such investigations. The support issue is complicated by uncertainty
about cost effectiveness of such work.

Ground Motion at the Site

From the standpoint of structural analysis and design, the earthquake
requirements can be expressed in three different forms, each with many varia-
tions. A simple static coefficient may be employed which has no direct rela-
tionship to probabilistic methodology other than it being the result of a
committee vote made under uncertainty. Unfortunately, geologists and seis-
moTogists have interpreted such a judgmental coefficient in terms of peak
instrumental ground acceleration. The apparent direct relationship between
the ATC-3 effective peak acceleration map and the Algermissen-Perkins USGS
map [3] is the result of a desire to avoid such criticism and misunderstand-
ing while retaining more or less the same basic design Tevels by adding sets
of balancing coefficients in the engineering design recommendations.
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Response spectra have received a somewhat different treatment again
with the discontinuity between science and criteria in keeping with their
differing functions. The response spectrum for one particular record is
shown in Figure 3. If now attention is focused on structures with a period
of less than 1 second more or less, all response spectra of interest are
similar in shape, concave downward, and all show such extreme variability
that it is difficult to select either a mean value function or reasonable
engineering envelope of maximum values. Furthermore, it appears that
response spectrum ordinates associated with large peak instrumented ground
accelerations are larger than those with small peak instrumental ground
accelerations. In the absence of a better normalizing constant, it has been
assumed that instrumental records and response specira can be scaled on the
basis of peak instrumental ground acceleration. Records have also been
scaled similarly despite obvious conflicts with the physics of the phenomena
such as size of the energy source. That is, each earthquake is a separate
individual event rather than a scaled sample of a single master event.

It we examine a set of peak ground acceleration (PGA) normalized
response spectra for a variety of earthquakes at similar instrument sites, a
figure such as that shown in Figure 4 is obtained. MNow if the individual
normalized spectral ordinates at each frequency are assumed to be independ-
ent random variables, it is possible to obtain the mean and standard devia-
tion of the data set at each period, and even fit a probability distribution
to the data. The criteria shape is then related to say the mean value plus
one standard deviation after smoothing the results and simplifying the form
for purposes of criteria establishment. This is the essential basis of the
standard criteria response spectra.

Unfortunately, a fundamental error exists in the analysis leading to
the criteria. The assumption is made that normalized spectral ordinate
values at every frequency are independent random variables when, in fact,
a1l spectral ordinates for a given earthquake are not independent but depend-
ent. The normalizing constant itself, PGA, is the realization of one partic-
ular random variable; thus it is no more a valid normalizing constant than
any other realization. If there is any independence, it exists between
earthquakes and thus can be questioned toc. A completely different method of
statistical amalysis should have been used. The proper technigue is to
systematically medel each response spectrum for each earthquake and then
compare the values of model parameters (Fig. 5). There exists no apparent
interest in such studies since the results may well conflict with
established criteria.

The most valid design criteria is the recorded ground motion from a
perfect instrument at the site for the design earthquake event. Since this
ideal cannot be attained, the alternative is to select a set of ground
motions from nearby instrumental records for a representative group of earth-
guake events. A Tlevel of uncertainty is introduced since the future may dif-
fer from the past and some weighting is needed in interpreting the results.
The weighting is actually an expression of Bayesian probabilistic concepts.

Two contrasting techniques exist in arriving at code-related loading
time histories, the actuarial approach and the artificial time history
approach. If a number of instrumental records are compared in a gross sense,
the overall impression is that of a lack of order in appearance. This appar-
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ent lack of order has been considered to be the result of randomness, and
visual comparison with random vibrations leads to the conclusion that random
vibration theory affords a useful medel for earthquake ground motion.
A¥though the random vibration model s probabilistic, the fact that the
probability model is deterministically prescribed changes it from the more
general probabilistic approach in which there is uncertainty about model and
parameters to a pragmatic model with engineering utiltity. Time histories
artificially generated to fit a prescribed response spectrum fall in the same
classification.

In sharp contrast, the actuarial approach to probabilistically prescrib~-
ing time histories essentially focuses on response, which in turn leads to
modeling of the aspects of earthquake ground motion that directly bear on
response. The simplest way to understand this methodology is to examine the
response time histories of linear mass-spring-dashpot systems to particular
earthquakes. Figures 6 through 11 are samples of these time histories. At
first glance, it appears that the models respond at their theoretical periods
of vibration, although the input motion contains energy at all periods. Upon
closer inspection, numerous phase shifts can be recognized. The Pacoima Dam
response illustrates the great shift in response pattern in time with changes
in periods of the responding model. In fact, for periods of one and two
seconds, the response is aimost as though the earthquake were a single pulse
of energy after which the model response is very similar to damped free
vibration. The response pattern with the El Centro records differs only in
detail.

Now if statistical studies of response time histories are made for a
wide variety of periods and 12 records from several earthquakes (Fig. 12 and
13), it is found that every response time history appears to have almost the
same statistical properties independent of earthquake and record.

Finally, a technique has been developed for exact decomposition of dig-
itized records into a set of wave trains. Each wave train has a prescribed
period, but amplitude and phase are functions of time. The partial result
of such a decomposition is shown in Figure 14. It is now possible to iden-
tify the motions that produce maximum response for any vibrating system,
linear or nonlinear. The statistical analysis of the separate wave trains
for differing earthquakes and records shows great uniformity in properties.
It appears to be in the realm of possibility to obtain a rather simple prob-
abilistic model of the entire ground motion that will fit all ground motion
records satisfactorily and contain only a few parameters.

RELTABILITY

During the last 15 years a great deal of effort has gone into research
Teading to probabilistic models of strength and rigidity of reinforced con-
crete members and assemblies. The individual member problem is virtually
solved from a theoretical viewpoint. Vast literature exists on this sub-
ject. Outside of areas influenced by ACI 318, a first start has been made
by using characteristic values coupled with sets of factors of various types,
many of which are bhased on the statistical properties of members.
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A natural reluctance exists to making changes in a code such as ACI 318
based on technical improvement at the possible expense of increased complex-
ity and without a promise of an improved competitive position of reinforced
concrete compared to structural steel.

The possibility also exists that these changes will influence the eco-
nomic position of one segment of the concrete construction industry compared
to another. This situation arises in comparing the reliability of cast-in-
place continuous construction with precast industrialized construction. The
present code does not differentiate between the two types of construction,
although there is ample evidence to show that continuity has the influence of
increasing reliability. If safety to building occupanits under rare extreme
loads is of interest, cast-in-place continuous construction has a large
advantage over industrial construction.

The issue can be readily appreciated by comparing the bending failure
of a precast simply-supported slab floor composed of separate elements with
one having the same nominal strength but cast-in-place and continuous with
the supporting walls. The precast slab has a mean strength of m and a coef-
ficient of variation of strength of V. If the probability distribution (POF)
of strength is as shown in Figure 15a, the probability of failure under a
given loading, w, is equal to the indicated area of the PDF, and the relia-
bility of the slab is equal to the balance of the area.

Assume that the continuous slab has equal amounts of midspan and sup-
port steel with independent moment capacities, means of 0.5m and the same
coefficients of variation, V, as with the precast slab. The mean strength of
the precast and the continuous $labs are identical. However, the standard
deviation of capacity of the continuous span is 0.61 of that of the precast
slab, so that the PDF of capacity is as shown in Figure 15b. The net result
is a much smaller probability of failure for the selected load level compared
to that with the precast slab.

This example was chosen to illusirate the influence of continuity in a
very simple example. The issue is a change in reliabiiity through the dif-
ference between the reliability of a continuous assembly and an assembly of
separate components.

The other important consideration is that of balanced reliability.
That is, a structure can be expected to experience many different loadings,
each of which may involve different combinations of components. It appears
desirable to have such a balance of reliabilities among the various systems
and the forecast loads, so that the overall Tosses during the Tife of the
facility are a minimum., Such analyses are only possible with thorough
probabilistic methodology.

DECISION MAKING

The leading that will occur during the life of the structure is uncer-
tain and can only be described in probabilistic terms. Thus, for any given
Tife of structure, the result of a scientific investigation is a set of load
levels with associated probabilities that these levels will prove to be maxi-
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mum values. A design cannot be made based on such input for there is no way
to design a probabilistic member to support an uncertain loading.

The two missing ingredients are the set of design options or alterna-
tives and the costs-benefits associated with each possible design coupled
with each possible loading and fts Yikelihood of occurrence. From the stand-
point of a specific design, such calculations can be made and the optimum
design determined. Codes, however, must include such a wide range of possi-
bilities that criteria decisions are matters of judgment in which the scien-
tific forecasts are only a small part of the problem and the decisions are
almost entirely judgmental.

CONCLUSION

The complexity of the issues invelved in assessment of seismic criteria
using probabilistic methods has been discussed including problem areas as
well as the state-of-the-art. Problems associated with geology and tectonics
have not been included owing to the fact that such data are not presented in
a rational probabilistic format, but rather rely strongly on subjective judg-
ment and unquantified conservatism,

The development of applied probabilistic methods has been extremely

rapid in the past. The rush to standardization has slowed this development,
but this is in part a pragmatic recognition of the value of the tool itself.
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I. PURPOSE OF EARTHQUAKE CODES

Earthquake codes are legally enforceable rules for the design and con-
struction of new bulldings and for the rehabilitation of existing older struc-
tures. These rules are intended to satisfy two basic objectives:

® a substantial and economically acceptable degree of protection
against injury and property damage due to the effects of the
moderate earthquakes (ranging from 5 to 7 on the Richter scale)
which may be expected to occur during the economic life of a
structure;

e an acceptable assurance that lives will be protected and structural
collapse prevented under the effects of a large, catastrophic earth-
quake which might possible (though quite improbably) occur during
the structure life,

It should be recognized that some risk must always be accepted, since
earthquakes are future random events -- and for every earthquake that has
occurred, there may be a bigger one coming. The objective is to reduce the
chance of damage or injury due to quakes down to the acceptable risks that we
accept during the course of normal life.

A most egsential requirement of these code design rules is that they be
applicable to all construction, such that the eatire public is protected. The
rules must hage this quality of universal applicability if future disasters
are to be avoided.

I.1 The Relation of Design Loads and Quality of Structure

Engineers model the effects of strong earthquakes as an application of
lateral forces on a building, These repregent the inertial loads as the struc-
ture is accelerated from side to side during the quake, The phenomenon may be
visualized as the push of a giant hand on the side of a building. The results
of this "push" are a sidewise bending or drift of the structure, and intensi-
fied forces, moments, and shears in the columns, beams, and walls of the build-
ing (see Fig, 1).



454

.
Wall
e
Shear
_——

m) Beam

i Bending

Column
Compression

g —

—
A

Ground (Accoleration) Shaking
Figure 1.

The occurrence of a strong earthquake may cause drift values of such
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It is most important to realize that an earthquake can have widely dif-
fering effects on different types of buildings, depending upon their qualities
of (a) symmetry and regularity and (b) non-symmetry and non-regularity.

Svemetry and Nop-symmetry and
Regularity Non-regularity

[ ———]
= / Wall
—— . //’/ Wall
Wall I
i S /
—_ L/
T.ow ’{‘orsimml Drift Large Torsional Drifr
Low Drift at any Story Large First Story Drift

Figure 5. L_’;/ f
i

If a building is well-braced by walls, regular and symmetrical, drift is eas-
ily contreclled. If, however, there are drastic irregularities from floor to
floor, or if the plan is grossly non-symmetrical in its floor plan or with
walls on one side and flexible framing on the other -- then severe localized
drift and torsional twisting distortions will occur.

If the members are both strong and tough, then the shaking punishment of
the quake can be absorbed. If the members are brittle, due to poor materials,
careless design and construction, or if the connections of the walls, floors,
and frame are weak, then only very moderate earthquakes can create damage and
collapse.

Bearing all of these building qualities in mind, engineers employ design
loads (the representation of the side push of the earthquake) as a means of
proportioning the stremgth or size of the beams, columns, and walls of a build-
ing. If a structure is regular, symmetrical, and possesses tough and well-
counstructed elements, then it has natural qualities of earthquake drift control
and energy absorption. The design loads for this structure can be set at a
relativ ely low level without endangering the quake-resistant capabilities, On
the other hand, if there are irregularities in configuration or briggleness in
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the construction, then these weaknesses must be compensated for by large design
loads with their resulting large member sizes -- this is necessary in order to
provide the same quake resistance as the regular tough structure with its low
design loads. From the economic standpoint, large design loads mean large
material and construction costs, and low design loads therefore have a distinct
cost advantage, providing that the proposed structure can qualify for these low
loads.

I.2 History of Earthquake-Loading Criteria

In the 1930's, 1940's, and 1950's the structural engineers of California
generated the basic earthquake code and design procedures which are widely em~
ployed throughout the world today. It is most important to recognize that these
engineers had developed these provisions for the types of building construction
which were prevalent in California at that time -- gpecifically structures in
Los Angeles and San Francisco. These buildings typically had strong steel or
reinforced concrete framing skeletons, filled in with very well-constructed
brick masonry walls and strong concrete flooring systems. They were usually
symmetrical and regular in their configuration, and in most cases they qualified
as good, tough, earthquake-resistant structures. It is a most educational ex-
perience to walk along Market Street in San Francisco and see some of these
structures that survived the motion effects of the disastrous 1906 Earthquake
without even significant damage. The California engineers, having a knowledge
of the good performance record of these structures, formulated the following
type of design philosophy:

e relatively low lateral earthquake forces for the design of struc-
tural members,

[ relatively strict rules governing the types of asllowable materials,
the methods of member design and tough connections, and an implied
need for symmetry and regularity.

For the time up to the 1960's, before which much construction in California did
not differ substantially from that of the tough buildings, this philosophy was
appropriate to provide seismic resistant structure. However, architectural
configurations along with methods of construction have changed significantly

in the past two decades., Frames have become much more open and irregular, and
the rugged systems of masonry partition walls and concrete floors have been
replaced by largely pre-fabricated elements with very flexible characteristics,
The low seismic design forces which were quite appropriate for the classical old
methods of construction were applied without change for the newer structures.
Moreover, the "California" type code and itg low design values were adopted for
new buildings throughout Central and South America. The basic error was that
the new buildings did not have the regularity, stiffness, and reserve toughness
necessary to justify the classical low design values,

The Caracas, Venezuela, earthquake of 1967 showed that reinforced concrete
framing had to be made much more tough or ductile in order to survive even mod-
erate earthquake effects without collapse.

The San Fernando, California, quake of 1971 provided a similar lesson for
the correction of brittle concrete frame behavior.



The Managua quake of 1972 re-emphasized the experiences and lessons of
the previous events, and added the concept that a large amount of damage can
be caused in buildings where the framing is too flexible and excessive drift
occurs, Also, if buildings are not symmetyical, then the engineer must con—
sider the effects of twisting or torsional drife.

Thus the engineering profession learned from these experiences, and they
worked within their committees to upgrade exlsting codes as follows:

® load levels were to be increased moderately, based on the seismic
region and local conditions,

e concrete framing was to be ductile,

e limits were set on drift, such that frames had to be made stiffer or
more walls and bracing were required,

¢ the engineering analysis should consider the effects of building
irregularity and non-symmetry.

However, while the engineers were doing their necessarily methodical im-—
provements, there was a public demand for more immediate action.

I.3 Reaction and Response after a3 Major Destructive Earthquake

In the chacs of rescue, public care, debris removal, and f£ire control
which is the usual result of earthquakes in large cities, very few individuals
are concerned about why some buildings survive and other collapse. The atten-
tion 1s focused on the collapsed structures, and the reaction is that these
failures should never be allowed to happen again. The public, through their
representative officials ask, 'Why the collapse?" Engineers state that they
have used the design loads from the California Codes. O0fficials call for doub-
ling or tripling of these loads {(based on the advice of theoreticilans and seis-
mic experts) to avoid future disasters, and herein begins the problem: mere
analysis of soll and structure, more complex design —- with higher costs and
delayed reconstruction as a result. The sad part is that not only are all of
these supposedly corrective emergency actions not particularly effective, but
they are actually very detrimental on a social and economic plane in a region
or country where new comstruction is essential for public needs.

The most effective action is not accomplished uniquely by design load mag-
nification, but rather in the correction of bad building configurations and
the elimination of the brittle comstruction that is prevalent in some tyeps of
new construction and in older buildings. The basic lesson is that good build-~
ings do not require high earthquake design load levels which would substantially
affect their comstruction cost.

Another complicating factor occurs which further increases costs and de-
lay. Public officials, in their search for the best answers for corrective
action, frequently ignore {at least for awhile) the basic structural engineer-
ing viewpoint and turn to trhe academifc and scientific community for advise.

This latter group contains the seismologists, geologists, mathematical soil and
structural analysts. They exist within the universities, govermmental agencies,
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and consulting firms specializing in geotechnical work or advanced computer
analyses. These experts all have very important areas of knowledge, and with
all good intentions they wish to see that this knowledge is ifmmediately util-
ized for public protection,

This academic, scientific, and advanced analytical work is certainly im-
portant and does eventually contribute to code Improvements —— but the imple-
mentation of effective codes should not be delayed nor should thelr contents
be overly complicated by the required inclusion of advanced methodologies.
These include the following specialty areas:

e Site exploration. The research of all available geological informa-
tion and the physical trenching and exploration necessary to detect
active earthquake faults or any other sources of hazards such as land
slides or settlement.

e Site regponse analysis. The research of all available geological and
seismological information necessary to predict descriptive character-
istics of future earthquake motion at the bedrock level under the
structure sire. Soil exploration and drilling is then performed to
determine the dynamic properties of the soil layers between the bed-
rock and the structure., A mathematical model of the soil layers is
formulated and computer analyses are performed to predict the surface
response of the earthquake motions at the bedrock level. These calcu-
lated surface motions are then employed for the design of the structure.

®  Advanced dynamic response analysig, Given either past earthquake rec-
ords or the results of the site response analysis, computer analysis
provides a complete record of the seismic response of a proposed build-
ing degsign. Engineers employ the results to verify the design strength
and drift control of the structure.

Again, these are all valid areas of investigation and analysis, and 1t is
definitely not intended here to say that the work in these areas is not neces-
sary. The outlined operations are necessary for important and unusual struc-
tures and for special site conditions, but good judgment is required in the
definition of criteria before they are made to apply to general classes of
ordinary structures,

In the review of the effects of recent earthquakes, no building failures
have been due uniquely to the absence of knowledge that would have been provided
by the above-listed speclalty investigations and analyses, other than perhaps
risk zoning for the appropriate design load levels based on the seismicity of
a region. Practically all of the past fallures would not have occurred if the
building design had conformed to the letter and intent of the 1973 (and even
more definitely by the 1976) Uniform Building Code. This is to say that good
codes now exist to provide appropriate load levels and corresponding methods of
design for given building types and materials.

Therefore, future code development work does not require inclusion of more
refined analyses of seismicity, site respomse, or building response, but rather
it invoilves a clarification or educational process that will allow all designers
of buildings to understand the intent of our most current codes, and to



understand the way in which a properly designed building resists drift damage
effects during a moderate earthquake and provides against collapse during a
catastropic earthquake. The present cade lead levels and methods of design
are sufficient, but the present code does lack the element of rationality.
With this weakness, it is easy for inexperienced designers to misinterpret the
provisions of the code and thereby create unsafe structures, It is therefore
mosSt necessary to rewrite the format of the code 30 as to properly define ap-
propriate design force levels for the various types and configurations of
structures, and to provide a rational relatlonship of each design step to the
actual earthquake response.

A good "rational" code should make every designer aware of the following
concepts and procedures:

(1) At the site where hils structure is to be located, there can orrur two
important levels of earthquake ground motions:

. a moderate earthquake for which damage must be controlled,

# a major or catastrophic earthquake for which collapse must be
prevented.

A zone map should furnish the design load information representing
these two earthquakes -- each having its own acceptable risks of
occurrence at the site of the structure and consistent with its
degree of importance.

(2) An analysis procedure should be defined which predicts the forces and
deformations of the moderate earthquake and the deformations of the
major earchquake on the proposed building structure. This should in-
clude methods of predicting the geismic behavior of non-symmetrical
or non-regular structures. Specifically, there should be distinct
definitions of the siltes, structures, materials, and occupancies for
which the simplified code procedures are applicable, along with the
distinct definitions of sites, structures, materials and occupancies
where more refined methods are required. These methods include the
areas of geological investigations, site response studies, and the
various levels of dynamic analysis. Engineers must know the limita-
tions of the necessarily simplified assumptions and methodologies of
the code. They msut know when the uniqueness, complexity, or impor-
tance of a structure reguires specilal studies, analyses, and design
methods beyond those of the code.

(3) Rules should be given that identify the earthquake design loads ap-
propriate for the given building properties of:
L] earthquake force-resisting system,
® Bullding configuraticn,
. type of materials, '
¢ type of member design and their connections,
& quality of comstruction,

] quality of supervision
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(4) Rules should be given for member design and structursl system con—
figurations such that the members, connections, and the total system
can provide the toughness and stability for damage control and col-
lapse prevention.

(5) Structural and non-structural damage control should be verified at
the design load and the deformations of the moderate earthquake.

(6) Structural stability and collapse prevention should be verified at
the deformations of the major earthquake,

(7) There should be proper definition of the building plans end specifi-
cations, and enforcement should be provided during construction such
that the as~built structure conforms to the design.

i.4 The Necessary Objectives and Qualities of a Workable Seismic Code

Basically, a code is merely a set of rules which must create a building
structure that is capable of providing a desired level of safety or protection
against a given seismic risk. In the interest of or in the real necessity of
simplification, it does not matter how accurately the rules resemble actual
earthquake motions or the structural response to these motioms. The only fun-
damental requirement is that the desired protection is provided within the
economic constraints of limited engineering and construction budgets.

The expressed desires of the structural engineering community are, in
order of priority:

(1) Simplicity, such that all provisions are well understood without mis-
interpretation, and all design cperations can be accomplished within
the established fee-structure for engineering services or design bud-
get.

(2) Rationality — each load specification, analysis procedure, and strue-
ture resistance provision should have a direct relationship to seis-
micity, ground motion, structure response, and structural element
behavior due to structure response.

(3} Freedom to use responsible ingenuilty for special structures ~- there
must be the opportumity for capable engineers to apply their perticue-
lar expertise in specification of seismic ground motion, methods of
analysis, and formulation of the structural resistance system for
special structures beyond the scope of the code. Along with this
freedom, there should be definite responsibility for final design
results.

(4) Reward and encouragement for dynamic and computer analyses, when meritec
either by the complexity of a given structure and/or the particular
description of the input time history or response spectrum at a given
site. Some reasonahle restrictions are of course necessary to make
sure that results are not unjustifiably different from the code base
shear method for the case of regular structures. This is to prevent
the practice of manipulation for the purposes of avoiding reasonable
code provisions for regular structures,.
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I.5 Tough Connections and Drift Control Rather tham High Design Forces

The widely publicized effects of destructive earthquakes cause a continual
demand for structural engineers to raise the level of code design forees. While
the objective of this demand is to provide safe structures free from collapse,
the result is not particularly successful. The 1976 Uniform Building Code pro—
vides a good example: as a result of the political pressures for safety after
the 1971 San Fernando Farthquake, code design loads were nearly doubled from
those given in the 1973 UBC. However, after nearly a year of availability, the
1976 UBC has not found any degree of enthusiastic acceptance. It appears that
the previous (1973) UBC gave design values which were just about optimum as far
as economical design and construction are concerned. The 1976 UBC produces
requirements for member section sizes, wall over-turning moment resistance,
and wall shear resistance which have not been in evidence as the real cause of
structural failures during destructive earthquakes, and hence this code does
not inspire credibility.

It is predicted that the future trend of design codes will be as follows:

. design loads will not be too different from the 1973 UBGC, even in re-
gions of high seismicity;

. safety from damage and collapse will be achieved by

(a) strict specifications for tough, damage~resistant connections
and structural systems,

(b) drift or deformation limits for control of non-structural damage.
In summary, good design details will be emphasized rather than the high
load levels that have been given more by theoretical analysis than by any ob-
served behavior during actual major earthquakes.

I.6 The Trend of New Structural Systems

This section is to provide a discussion of existing and future economic
conditions concerning the building construction industry and the functionality
of buildings as required by their occupants. Topics to be discussed are:

e structural systems treated in existing codes,

® cost, availability and effective utilization of skilled construction
workers,

e current and future building systems,

3 recognition in a new code.

Structural systems treated in existing codes — Tn the past few years there
has been great concentration by code~-writing committees on the creation of duc—
tile steel frames and on ductile, reinforced-concrete frames and shear walls.
These provisions are essential to assure safe performance at reasonable design
load levels. However, a basic fact must be recognized: construction costs are
rising to such an extent that building developers are turning to other, cheaper
methods of construction. There appears to be a definite decrease in poured-in-—
place concrete frame structures. Also, when frames are used, modern demands are
for long spans and clear floor areas ~-- such that prestressed elements are




462

necessary for both economic and story height clearance reasons. The question
is, "Have we created a dinosaur (ductile frames) which may become extinct?"
If it is reqlly required for structural safety, then strong pressure from en-—
gineering groups is required to overcome economic demands.

Cost, availability and wtilization of skilleéd construction workers -- The
cost of labor for skilled workmen Is increasing, and their availability is de-
creasing. Hence, building developers are turning toward the use of pre-cast
procedures of construction or other forms that decrease the need of skilled
wWorkmen in the field.

Current and future building systems —-—

s Slip-form, poured-in-place walls with precast structural frame and
floors. Beams are usually prestressed concrete.

« Multi-story masonry (hollow-block) walls with pre-cast floors.

® Prestressed, post-tensioned rigid frames, with precast floor systems,
or with post-tensioned slabs.

Pre-cast shear wall panels post-tensioned to pre-cast floor systems.

e Tilt-up wall industrial structures.

Recognition in a new code ~— While structural engineers might prefer the
regular, symmetrical, ductile frame and shear wall structures, the pressures
of economicsg and the requirements of functionality by building owmers often
dictate that other structures be built. An effective new code must recognize
this situation and provide for rules of analysis and design for structures which
are not particularly ideal for effective seismic resistance and therefore need
careful design and supervision. Existing codes, such as the 1973 and 1976 UBC,
have been restrictive in the high seismic zones of California (such as San Fran-
cisco and Los Angeles) with respect to allowable lateral force systems (such as
the requirement for ductile, reinforced-concrete provisions for seismic frames).
It is possible that the relatively less severe seismicity of Costa Rica would
permit a wider scope of allowable systems {such as semi-ductile concrete frames
with or without prestressing) so long as the systems are properly classified
in the code with respect to appropriate design load levels, allowable configu-
rations, and detailing requirements for members and connections.




II. INTRODUCTION TO THE PROPOSED SEISMIC DESIGN PROCEDURE
II.1

In this section a general cverview of the selsmic design methodology
developed through this research is presented. A short description of all major
parameters and steps is given to prowide the reader with a quick comprehension.
This section can be viewed as a summary of the work that follows in detail din
succeeding sections.

This portion of the report is dedicated to the goal of correcting an in-
herent flaw in the attitude of the typical structural engineer. Specifically,
an engineer will devote many years of his life to mastering the art of struc-
tural analysis, both during his school years and in his rare leisure hours.

He will dutifully learn the classic methods of indeterminate structures and
then gleefully branch out to the fascinating fields of matrix methods and com-
puter analyses. However, a very strange fact is that this same dedicated in-
dividual will accept -- without the slightest question or doubt -- a very
simplified version, such as V = ZKCW, for a very complicated and interesting
phenomenon known as earthquake Ioading. It is perhaps due to the engineering
education, but somehow engineers are always prone to over—analyze a structure
for loads which are at best "crude" and often rather "inappropriate' for the
structural environment. Therefore, this report will attempt to establish the
principle that a reasonable fraction of the engineering intellect should be
devoted to load analysis, along with the Inevitable preoccupation with struc-—
tural analysis. The reader, therefore, should prepare himself for an onslaught
of statistical response spectrum analysis, probabilistic description of uncer-
tainty, damping and damage excursions, and some questions of structure configu-
ration, material behavior, and construction quality. It is hoped that he or
she will be a better engineer, and that buildings will be more reliable because
of this effort.

In order to design economical buildings which will perform adequately dur-
ing strong earthquake ground motions, it 1s necessary for structural engineers
to have a practical understanding of:

e the probability of occurrance of important levels of earthquakes,

. the acceptable risk associated with these events for different use
classes of structures,

L] the representation of earthquakes in terms of response spectra at the
structure site,

. the earthquake demands on the strength, stiffness, duectivility, and
energy dissipation capacity of various structural systems,

e the design of the structural elements and lateral force-resisting sys-
tem such that the important levels of earthquakes may be resisted with
acceptable reliabilities of performance.

In the paragraphs which follow, a seismic design procedure is formulated
which hopefully will provide the engineer with this needed understanding. 1In
order to assist the reader in the organization of the presented material, the
following general description of the design method is given.
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II.2 Design Objectives

For a given lifetime of a structure, an adequate design should provide
acceptable reliabilities of protection against:

e excessive damage due to a moderate or damage-threshold earthquake,

* condemnation due to a major or condemnation threshold earthquake,

. collapse due to a catastrophic earthquake.

The value of the acceptable relisbilities of protection against each level of
earthquake depends on the use class or importance of the structure. The con-~
cept of cost of protection versus seismic risk should be considered in this
evaluation,

Moderate, major, and catastrophic earthquekes are described in terms of
the seismicity at the structure gite. This seismicity is expressed in terms
of probabilities of peak ground accelerations for a given time period, and also
in terms of the correspending response spectrum values,

Damage control and cendemnation protection are accomplished through
strength requirements and deformation limitations of the structure response
to moderate and major earthquake response spectra. This requires a classifi-
cation of structural systems according to their respective deformation capacity
at the damage threshold and ductility at the condemmation threshold.

Collapse protection against a catastrophic event is maintained by specific
restrictions on the types of allowable lateral force resisting systems. These
systems must all have the characteristics of maintaining vertical load-carrying
capability under severe lateral deformations.

I1.3 Methodology

To achieve the above design objectives, the following methodology is for-
mulated:

(1) Forecasting of future seismic events. Develop occurrence rate of peak
ground acceleration at site and site response spectra.

(2) Select peak ground acceleration and response spectra shapes for moder-
ate (damage threshold) and major (condemnation threshold) earthquakes
according to local site conditions, structure use class, and accept-
able risk level.

(3) Develop structure design spectra for different types of structural
systems according to deformation characteristics and reliability of
the system.

(4) Develop procedures for computing the respomse of structures to the
above deslgn spectra (modal superposition or base shear method).

(5) Develop criteria for the design of structural systems and members
(strength, ductility, drift, P-Delta effect).

All steps of the methodology and a detailed design procedure are discussed in
detail in Shah et al. (1976) and Mortgat et al. (1977). Presented below are
brief summaries of the most important elements of the procedure,



II.4 Site Response Spectra

Por a given region with known (overall) geological characteristics, a
sample set of past major earthquake accelerographs and their corresponding
response spectra can be assembled. This data set may be from the region for
which seismic design criteria are to be developed or from geologically similar
regions. Each response spectrum is then scaled sc as to have a unit value of
peak ground acceleration (PGA), and is hence termed as g dynamic amplification
factor (DAF). The resulting sample set of DAF's is then averaged to form the
mean DAF (MDAF) which provides the representative spectral shape for the given
region, This shape may be adjusted for known hard or soft soil column effects
at the slte. Given any forecasted PGA value for a future earthquake, the ac-
celeration response spectrum may be obtained by multiplying the MDAF by the
PGA value.

The spectrum as cobtained from the basic data of instrument time history
readings is then converted to an "effective” structure response spectrum by
means of a reduction factor R, which is discussed in detail in Shah et al.
(1976) .

II1.5 Peak Ground Acceleration

The PGA values at specific sites in any region which have a probability P
of being exceeded during a given economic lifetime of a structure are presented
in the Acceleration Zone Graphs or the Iso-acceleration Maps developed proba-
bilistically and discussed in cited references. The PGA values for the damage
threshold and condemnation threshold earthquakes are termed AD and AC’ re=
spectively.

A seismic event, X, having a probability of exceedence, P, is ade-
quately described for design purposes by the PGA value from the Acceleration
Zone Graph, AX’ and the regional spectral shape, MDAF.

II1.6 Structure Use Class and Risk Levels

Planners are able to categorize the various structure uses into classes,
depending on their importance and need before, during, and after a strong earth-
quake. S8ince it 1s neither practical nor economically feasible to provide a
damage-resistant structure for all conceivable levels of earthquake ground mo-
tions, each use class will have to havé assigned its own particular probability
or risk of repairable damage, P, and corresponding risk of total condemna-
tion, P_., during its economic Eife. This risks should of course be very low
for essential faeilities such as hospitals, and may be relatively high for a
purely functional structure such as s warehouse. The risk of total collapse
can be virtually eliminated by ccde restrictions on he type and quality of the
lateral force-resisting system in a building.

The importance of the assigned acceptable risk values of P and P for
each structure use class is that they, along with the site locatilon, determine
the corresponding values of AD and AC from the Acceleration Zone Graphs or
the Iso-acceleration Maps.
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The design objectives are then to assure a reliable level of damage con-
trol for earthquake levels up to a PGA of D, and condemnation prevention
against the effects of an earthquake with a BGA of A.. The and A, val-
ues are used to scale the mean response spectrum shape (MDAF) for designcpur—
poses.

II.7 Types of Structural Systems

The lateral force-resisting system may consist of rigid frames, bracing,
and shear walls -- either in combinaticn or in pure frame or wall systems (such
as the K-Factor Systems of the UBC). Any permissible system must have the qual-
ity of collapse prevention; the vertical lead-carrying system must remain intact
under those catastrophic ground motions which may reasonably exceed the accep-
table condemnation level.

Each structural system has its own characteristics of response to the the
damage and condemnation threshold earthquake loadings., The measures used to
avaluate these thresholds are: extent of repairable damage, ductility and energy-—
dissipation characteristics, redundancy of the system, quality control and de-
gree of construction supervision, and reliability of performance in past earth-
quakes, Also, each particular system has its own value of total damping as it
relates to the site response spectrum.

IT.8 Structure Design Spectra

Given the structure site and use class, the risks P and P are known
and the values and A, are found. Having selected Ehe strucgural system
type with its damping value, its reputation or reliability measure, and its
ability to deform beyond its strength design level to a damage state and then
further to a condemnation state, three design spectra are formed:

(1) Design Force Spectrum (DFS). This is an appropriately modified form
of the spectrum for the acceptable damage threshold earthquake with
PGA level + The force response from this spectrum is used as the
seismic design loading for the ultimate strength design of the struc—
tural members.

(2) Damage Deformation Spectrum (DDS). This provides the structure defor-
mation demand of the earthquake with PGA level s, 1l.e., for the
damage threshold event. The resulting deformations are used for com-
putation of P-Delta effects, and for non-structural damage analyses
(drift limitatioms).

(3) Condemnation Deformation Spectrum (CDS). This 1s the spectrum of the
acceptable condemnation threshold earthquake with PGA level A . The
resultlng structure deformation response is used Lo estimate 1dcal
member ductility demands and hence provides an approximate test whether
or not these demands are within allowable limits. P-Delta effects and
structural stability may be analyzed with these deformations.

Clearly, the most important of these three is the Design Force Spectrum
(DFS), since its resulting design load levels must create a complete structural
system such that the structural deformation response of the earthquake with PGA
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level Ag and risk P will remain reliably below the structure damage
threshold., Also, in a structure designed for the DFS forces, the deformations
of the earthquake with PGA level A, and risk P, will remain in most prac-—
tical cases reliably below the strudture-condemnation threshold, This spectrum
must also meet the practical restrictions of economically feasible design, and
in so doing it must not differ radically from the seismic load recommendations
of modern codes. Tor overturning moment, & special spectrum termed Design Over-
turning Moment Spectrum (DMS) is developed for systems with ductile shielding

of the vertical load-carrying members.

I1.9 Computation of Response

The basic method chosen for the computation of the structural response 1s
the modal superposition method. The use of this principle of superposition
makes it necessary to employ a linear elastic model of the structure, However,
this facilitates the computational effort in design offices, since computer
programs for linear elastic response of two- and three~dimensional structural
configurations are readily available.

Natural frequencles and mode shapes can be computed based on the mass dis-
tribution and deformation characteristics of the lateral force-resisting system,
but should also include the effects of stiff elements that are not part of the
lateral force-resisting system. Then, for a given spectrum (any one of the
three design spectra), the structure response (force or deformation) is compu=-
ted as the square root of the sum of the squares of the individual modal re-
sponses to the given spectrum (SRSS response).

For the case where the computed defeormations are beyond the linear elastic
range of the structure, it is assumed that the deformation response in the ac—~
tual non~elastic structure is given by the SRSS deformation response of the
lienar elastic meodel. It is recognized that this linear procedure can result
in a certain amount of approximation error. However, this will be compensated
for by an appropriate spectral confidence level and a requirement for special
analysis for irregular structures.

For structures which meet certain requirements for regularity and symmetry,
a simplified "base shear" method can be formulated. Empirical relations for
structure periods, a base shear coefficient, and lateral force distribution will
be given to provide a safe upper bound of design in lieu of the more lengthy
modal analysis and response spectrum method. This is a most essential step in
order to assure widespread application. However, even this simpilified method
will contain a descriptive commentary so that the designer is aware of the es-
sential elements: earthquake levels and their associated risks; dynamic response
of structures to these earthquakes; and design provisions for adequate behavior
at the damage and condemmation thresholds.

IT.10 Design Criteria

The seismic loads resulting from the Design Force Spectrum (DFS) response,
together with ambient dead and live loads, determine the required ultimate
strength capacity for member design. The ultimate strength design method based
on elastic behavior of the structure is recommended for all types of structures,
including steel structures. Load factors are suggested where deemed necessary.
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Drift limitations are specified for the deformation response due to the
Damage Deformation Spectrum (DDS), while secondary effects and structural
stability are to be investigated at the Damage and Condemnation Deformation
levels.

The ductility demand resulting from the Condemnation Deformation Spectrum
response may affect the choice of the structural system and the detailing re-
quirements for various elements such as boundary elements in shear walls and
spandrel beams. In some cases, the CDS analysis may render it advisable to
inerease the strength of certain elements to keep the ductility demands below
acceptable values.

I1.11 The Role of Dynamic Analysis in Seismi¢ Deésign

Dynamic analysis, either in response spectrum or time history form, has
been prescribed by various recent seismic design recommendations and codes.
This analysis may be an allowable alternative (or even a necessary requirement
for special structures), as in the Uniform Building Code (1973, 1976). How-
ever, nowhere In these seismic provisions is there given a definite and com-
plete procedure of design based on a dynamic analysis. It is therefore the
objective of this project to provide this very much needed complete procedure
based on the responge spectrum method. In addition to.a more accurate deter-
mination of structure periods and lateral leoad distribution, the method allows
the designer to have a direct physical and practical understanding of each step
in the design procedure as it relates to seismicity and the related structural
behaviocr. It is felt that this understanding is more important in a design pro-
cedure than the use of high design-load values, in order to create structures
which can perform adequately during strong ground motion.

I1.12 Design Methodology

The deslgn method is to be developed in terms of the following basic
topics:

(1) Design objectives of damage control and condemnation prevention
(2) Seismicity in the form of is-acceleration maps and return periods
(3) Use classes of structures

(4) Types and behavior of structural systems

(5) Effective response spectra

(6) Design spectra

(7) ©Calculation of response

(8) Load combinations

(9) Member design
(10) Deformation analysis

A flow-chart representation of the design procedure is given in Figure 6.
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I1.13 A Comparison of the 1976 SEAOC Recommendations and the Proposed Design

Method

In order to best appreciate the proposed methodology, the following sum-
mary comparison is presented between the 1974 SEAOC recommendations (essentially
equivalent to the 1976 Uniform Building Code) and the approach developed in this

paper.

1974 SEAOC Recommendations —— The base shear for working stress design

according to these recommendations is given by

where

VB = AICSKW (L)

= DBase shear to be distributed to each story according to a linear
"empirical" version dynamic analysis.

= Seismic Zone Factor based on magnitudes of earthquakes in a region,
but not on their frequency or chance of occurrence.

= Structure Importance Factor. This value is greater than unity for
essential facilities; however, it is not related to a definite ac-
ceptable value of risk.

= an empirical shape factor for an inelastic multi-mode acceleration
response spectrum. This is only a rough approximation of the sta-
tistical average of spectral shapes for the given region.

= Site Response Factor for the influence of the underlying soil column
and structure interaction om the spectral shape, as represented by
C. It is a number larger than unity when the site period is near the
structure period.

= a reciprocal measure of the ductility of a given lateral force-
resisting system. This value adjusts the inelastic response spec—
trum shape € so as to represent a8 reduction of lateral loads for
ductile system and an increase for non-ductile system.

= weight of the structure taken as dead load only —— with no ambient
live load.

Within the actual design procedure, the following observations can be made.

Ultimate Strength Design for Reinforced Concrete Frame Members is for
factored dead load D plus iive load 1 plus seismic effects E:
1.4(D+ L + E), where E 1s the member load effect due to VB.

It is this particular method of load factoring that represents one of
the principal differences between existing code (UBC) procedures and
the proposed method. Traditionally, as explained in the history of
codes, section I-2, code values for seismic load have tended to be
lower (about 1/3 to 1/2) of the actual force requirements of a moderate
or damage threshold earthquake, However, safety due to this actual
motion is achieved indirectly by the particular method of load factor-
ing, such as 1.4(D + L + #), and by extra factors for shear wall
shear stresses and for cross-bracing members. A numerical study of
how the extra seismic-resisting capacity is achieved in spite of the
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low code E wvalue by this indirvect factoring is given in Shah et al.
(1976). While adequate safety might be achieved by this code-
factoring method, it is not very rational to design for a fairly
heavily factored dead and full live load aleng with a rather low,
non-realistic seismic load E. We should be much more concerned with
adaquate evaluation and factoring of the seismic E load rather than
with the vertical dead and live loads, which are relatively well-~
known. Therefore, the proposed method prefers to use a reasonably
conservative estimate of ambient vertical load (D = 0.4L) at the
time of the quake plus the best available evaluation of seismic force
requirements of the damage threshold ground motion (the DFS spectrum).

There is no specific requirement for a verification of stability and
condemnation protection at the major earthquake level (except for a
special requirement for vertical load-carrying members at about four
times working stress design deformation).

There is no consideration of modal participation and effect of mode
shapes on lateral load distribution (except for the top story force
increment ,

Proposed Design Procedure —- Base shear and lateral design load are given

by the 8RS8 modal response to the Design Force Spectrum.

where

=
]

DFS = R Ap - (MDAF) dir (1 + kTvS) (2)

a peak acceleration reduction factor to represent the effective
acceleration on the structure. It represents the spatial aver-
age of peak accelerations on the effective soil-structure system
(see Figure 7).

AD = peak ground acceleration at structure site -- having acceptable

risk of being exceeded. If AD i3 exceeded, then extensive
structure damage may occur,

MDAF = mean or statistical average of acceleration response spectrum

1+ kTVS)

shapes for the region. The shape can include any soil-column
response effects, and together with R can represent soil-
structure interaction effects (gee Figure 8),

= damage defornation factor for a given lateral force-resisting
system, It represents the ratic between the maximum acceptable
deformation at the damage earthquake level and the design defor-
mation in the highest stressed member. The d value depends
on the K-factor type of the system (see Figure 9},

= spectral confidence interval factor, where V is the coefficient
aof variation of the spectral shape and ke, séts the confidence
level. The factor ky allows for the degree of reliability, in-
herent in a system, of attaining the given dp distortion value
without excessive damage. If a system is very reliable, then kT
may be zero (see Figure 10),
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(14~kTVS) The kT value depends on the quality or grading of A, B,
or C of a given structural system. See Figure 10 for the
relation of confidence levels and the system grade of reliabil-
ity.

(cont.)

Member seismic deslgn forces are found by the SRSS value of the individual
mode response to the DFS. In the formulation of the dynamic model, the full
dead load and some reasonable fraction of the live load (0.4L) is considered,

Within this proposed approach, the following comments are pertinent.

e Strepgth design for members is the force response of the DFS plus dead
load and a reasonable fraction of ambient live load (0.4L).

e Non-structural damage control is verified ar the SRSS modal deforma-
tion respomse to the Damage Deformation Spectrum.

pDS = R - AD = {MDAF) (1 + kTVS) = dTDFS (3)

See Figure 11 for the relation of the linear model metheod of calculat-
ing SRSS response - to actual unknown random response to a given earth-
quake.

This is a most important phase of the design procedure, since it
requires the designer to consider the flexibility of the strueture with
respect to damage to the architectural, utility, and service facili-
ties. These items represent a considerable portion of the structure
value, and may be necessary for life safety.

s  Local member ductility demand and structure stability verified at the
SR88 modal deformation response to the Condemnation Deformation Spec-
trum,

AC
= - . + = — 4
cDS R AL+ {(MDAF}(1 + k¥,) ADdTDFS (4)
where A, 1is the PGA value corresponding to the condemmation level
seismic event (see Figure 11), Local member deformations are compared
against their yleld level deformations to assess whether ductility
demands are within allowable limits.

I1.14 Basic FPhilosophy of the Proposed Seismic Design Procedure

In the design spectra, such as

DFS = R+ AQMAF) 3= (L + ko) ()
T (repeated)
it should be noted that a very simplistic and approximate representation is
gilven for some very complex phenomena. For example,

® R represents all soil-structure interaction effects.

[} dp and the BT of the MDAF account for both damping and the nonlinear
system effect of the "tuning out" of harmonic response.
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® The MDAF has two simple shapes, to allow for the soil column response
effects.

Obviously a more complex representation of these and other structure re-
spense phenomena could have been proposed in corder to better predict the ef-
fects of a future seismic event; the net result would be higher or lower design
load levels, based on the specific structure and site conditions.

However, for this proposed design method, the following general philos-
ophy has been adopted: given realistic seismic design load levels at the ulti-
mate strength level, the accuracy in prediction of future seismic loads is not
particularly necessary for the attainment of the design objectives of damage
and condemnation prevention. The insensitivity to the cost of providing lateral
load resistance within a certain range is illustrated in Figure 12. The prin-
cipal element of the design philosophy is to provide procedures which will
create a good seilsmic-resistant system having:

s at the damage threshold earthquake response,
~ adequate strength and stiffness for damage control,

® at the condemnation threshold earthquake,
- no excess of inelastic deformations beyond the failure capacity
of members and '
- no large imbalance of inelastic deformation in any story level
of the elevation, or in any wall or frame line of the structure
plan.

The proposed design procedure is based on this "good system” (rather than
"srecise load") philosophy and can attain the objectives by following the basic
criteria of a response spectrum method.
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ITI. A NUMERICAL EXAMPLE FOR MANAGUA,lNICARAGUA, AND SAN JOSE, COSTA RICA

ITI.1

Tables 1 and 2 give the suggested damage and condemnation risk levels
for Managua and the corresponding values of Ap and  Ag.

3 and 4 give the values for San José, Costa. Rica,

Table 1.

Managua Region

Suggested Damage "Risk" Levels

Similarly, Tables

Economic life RPD Y )
Class Yrs. Yrs. PD "Risk"/yr. g units
1 100 500 0.20 .002 .45
2 50 100 .40 .01 .35
3 20 50 .40 .02 .30
N N |
Table 2. Managua Region
Suggested Condemnation "Risk" Levels
Economic life A
Class Yrs. R2, . “Risk"/yr. | g ufiits
1 100 1000 .1 . 001 47
2 50 500 .1 . 002 .45
3 20 100 .2 .01 .35




Table 3. San José&, Costa Rica Region

Suggested Damage "Risk" Levels

1 ‘
jEconomic life !RPD TA*VAD
Class E Yrs. I Yrs E PD "Rigk"/yr. | g units
| D A
1 i 100 1500 .20} .002 0.31
2 ! 50 {100 [ .40] .01 0.18
3 ] 20 P50 | L40] 02 0.15
! !
Table 4. San José&, Costa Rica Region
Suggested Condemnation "Risk" Levels
I e qsen ! :
Economic life [ | ‘ A
RP PP Wos At C.
Class Yrs. e | cC | Risk /yr.4J$ utlits
: T
i 0 ;
1 100 l 1000 | .1 | 001 0.35 |
2 50 | 500 j .1 l . 002 ‘ 0.31
3 20 100 .2 .01 | 0.18
| ! i I

For both the Managua and San José regions, Table 5 gives the values of
dy, dgp and (lckkTVS) ag funections of the structural types. Table 6 gives
the value of H (see Figure 13) for class 2 structures, Managua region.
Similarly, Table 7 gives the value of H for class 2 structures in San José,
Costa Rica, region. It should be mentioned that using the methodology presen-
ted in this report and for the seismicity of Managua, the seismic design level
comes out to be somewhat similar tc the 1976 UBC. Similarly, for the San José
region and its seismicity, the recommended seismic design levels are somewhat
similar to the 1973 UBC.

In Tables 6 and 7, EC and ECOT are defined as follows:
- _ ecs _ ¢
Yo ™ pEs T 5 dy o)
A
chs C
Yeor T IMs A Yot (6)

It should also be pointed out that the load combination and load factoring
are done in the proposed method in the following way.
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Table 5

Factors for Design Spectra

Plateau

Type 8 Value 4 d 1+ kV)

T lof mpar| T ot “r's
0.674 10% 2.0 3.0 3.0 1.0
0. 678 10% 2.0 3.0 3.0 1.2
Q.67C 10% 2.0 3.0 3.0 1.4
0.B0A 10% 2.0 2.5 3.0 1.2
0.80B 10% 2.0 2.5 3.0 1.4
0.80C 107 2.0 2.5 3.0 1.6
1,004 10% 2.0 2.0 3.0 1.2
1.003 10% 2.0 2.0 3.0 1.4
1.00C 10% 2.0 2.0 2.0 1.6
1.334A 10% 2.0 1.5 3.0 1.2
1.33B 10% 2.0 1.5 3.0 1.4
1.33C 10% 2.0 1.5 1.5 1.6

Values suggested here are preliminary.

In Tables & and 7, 1, and U

¢ cor 3T defined as follows:

A
- C
u =LS=

C
COT  DMS AD dOT 6

It should also be pointed out that the load combination and load

factoring is done in the proposed method in the following way.



Table 6

Factors for Design Spectra

Managua — Class 2 Structures

Spectrum

Type H Hor Ve | Mcor
0.67A 0.163 0.163 3.86 3.86
0.867B 0.196 0.196 3.86 3.86
0.67¢ | 0.229 | 0.229 | 3.86 | 3.86
0.80A 0.236 0.1635 3.22 3.86
0.80B | 0.275 ) 0.197 | 3.22 | 3.86
0.80C 0.317 0.229 3.22 3.86
1.00A 0.294 0.197 2.57 3.86
1.00B 0,343 0.229 2,57 3.86
1.00c | 0.392 | o.262 | 2.57 | 2.57
1.23a | 0.391 | 0.195 | 1.93 | 3.86
1.33B 0.456 0.229 1.93 3.86
1.33¢ | 0.520 | 0.520 ) 1.93 | 1.93
. (MDAF)
H = (0.7)AD—~E;——{1 + k V)
oT D4y d Vg

n

1]

= Hfor T < 0.5 sec
.SH/T for T> 0.5 sec

H for T < 0.8 see
0.8H for T > 0.8 sec

T

For Hard to Medium
so0ll conditions

For soft sites
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Table 7

Factors for Design Spectra

San José& - Class 2 Structures

B | — 1 f
L e i Hor "¢ ! Meor
. 0.67a | 0.084 0.084 | 5.16 | 5.16
E 0.67B ! 0.101 0.101 5.16 | 5.16
L 0.67¢ | 0.118 | 0.118 | 5.16 i 5.16 |
0.80A | 0.121 0.085 4.30 5.16

| 0.80B 141 0.101 | 4.30 | 5.16
| 0.80C 0.163 0.118 | 4,30 | 5.16
{1,008 | 151 0.101 3.44 5.16
1 H {‘ i
[ 1.008 | o0.176 0118 | 3.44 | 516
i ‘ i
i 1.00C 1202 10,135 | 3.44 3,44
[ : i ?
133 .202 | 0.100 | 2.58 | 5.16
133 0235 | 0.18 . 2.58  2.58
! 1.33¢ | 0.267 0.267 2.58 | 2.58

o= (0. )A SDAD G Ly

: AD dT T'S
B = 0.7)a SPED gy
oT ’ D d kT S
oT

Spectrum = H for T < 0.5 sec

[

.SH/T for T > 0.5 sec

H for T < 0.8 sec

0.8 for T > 0.8 sec

T

For Hard to Medium
s0il conditions

For soft sites



DTSF
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Sites)
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{ \\ Soft, Sites
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) 0.8H
|
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| |
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} ]
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0 5 0.8
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i

1+ kTVS) MDAF
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For design overturning moment, replace H with HOT and

dT with dOT‘

For very soft sites, special site study needed.

Figure 13
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I1¥.2 Seismic Weights, Load Combinations, and Load Factors

One basic prineiple that has guided the formulation of the proposed design
procedure is that each step and parameter be rational. Specifically, there
must be a simple, rational explanation and reason for each representation of
seismic input and the corresponding structural behavior. The subject of load
combinations and Ioad factors provides a good example of this direct represen-—
tation approach., Current code provisions will be stated for comparison,

e Seismic Structure Weight or Mass. At the time of the earthquake events
corresponding to the PGA values of Ay or Ag, a realistic yet rea-
sonably conservative value must be assigned for the total structure
weight or mass, for the evaluation of inertia forces. Some amount of
live load is to be expected, and the judgment value of 40 percent is
suggested.

Therefore, for dynamic analyses and for simplified base shear methods
the weight or mass is dead load plus 40 percent live load (D + 0.4L).
Present codes employ dead load only, except for warehouse structures.

o Load Combinations and load Factors. Since the selected value of 40
percent live load is quite conservative for most structures in the
sense that it is highly improbable that vertical live loads would ex-
ceed this value at the time of the earthquake, the load combination for
the ultimate strength design R, of members is dead load (D), 40
percent live load (.4L), and seismic forces E, due to the SRSS
response to the Design Force Spectrum (DFS).

R, = D+0.4L+E N

In Equation (7),

R = the required ultimate strength capacity for this specific case
of loading. {(Other cases may be for vertical load only, such
as  (1.4D + 1.7L}.)

= the member force (such as moment or shear) due to dead load.

= the member force (such as moment or shear) due to the code-
specified value of live load.

E = the 5R55 of the individual mode member force (such as moment
or shear) due to the DFS.

While it appears at first glance that there are no load factors used in
this ultimate strength load combination, these do exist. The purpose of load
factors is to account for the chance of high possible loads and for differences
between analysis and actual structure response. In the load combination of
Equation (7), the 0.4L 1is a reliable upper bound for vertical load uncertain-
ties, and the value of E contains its DFS. It should be noted that each fac-
tor is applied directly to the source of load uncertainty. This can best be
appreciated by a comparison with current code load combinations, such as

(R) (8)

2 code 1.4(p +L + ECO

de>



where E is due to V = KCS. 1In this combination of Equation (8), the
safety or reliability of the number design for seismic resistance can vary
according to the proportion of vertical to seismic load, For large D + 1,
the section may be overdesigned, and for small D + L the section may be
underdesigned, since 1.4E 4. 1s only about ome-half of reasonsble damage
level earthquake loads as represented by the DFS.

In order to account for the effects of vertical ground acceleration on
the lateral force requirements, the following combination 1s used:

R, = 0.3(D+E) 9

Here, the most critical load condition, for overturning moment tension effects,
cccurs when there is only g small amount of live load. The 0.8D represents
both the reduced dead and live load (due to vertical acceleration). The 0.8E
reduces E corresponding to the small live load contained in the structure
seismic mass, and also represents the smaller horizontal acceleration at the
time of maximum vertical acceleration.

Preliminary computations have indicated that, in moment-resisting frames
(and perhaps braced frames), the load combination of Equation (7) may in some
cases lead to axial columm loads which are significantly smaller than those of
the 1973 UBC. This problem needs to be pointed out and requires further study.
To account for possible effects of vertical accelerationg, it may be advisable
to apply a load factor te D + 0.4L for such vertical elements,

III.3 Design Procedure Rules

In this section a step~by-step procedure for the complete design sequence
is given.

1. Given a use class of the structure and its locatiom, the values of Ay
and Ap can be defermined from an iso-acceleratlon map or the acceler-
ation zone graph. The appropriate design spectra can be constructed
with the above information together with the parameters MDAF, VS’ dT’
dyps and kT of a given structural type and soil condition.

2. Formulate the linear elastic structure model and determine mode shapes
and perieds. Then, using the DFS developed in (1) above, obtain the
SR8S force response E in the structural members.

3. Design members for lead combinations on an ultimate strength basis for
the following conditiouns:
a) ILoad-factored vertical dead and live load: 1.7¢(D + L).
b) DFS or DMS force plus vertical dead and live load: (D + .4L) + E.
c) 0.8(D + E) for vertical acceleration effecta.

In (b) and {c) above, the seismic load E is based om a (D + 0.4L)
seismiec weight of the structure.
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4. Interstery drifts using the DDS are caleulated as the SRSS of the
individual modal drifts. These drifts shall not exceed 1% of the
story height. This drift limitation is for damage control.

5. The member design procedure has produced known values for the indi-
vidual member resistance values, Ru, where

R, > {(D+0.4L) + E 3 R, > 0.8(D+E) ; R, > 1.7(b+1L) (10)

and commonly exceeds these lcad combinations because of the available
section or sizing requirements, as shown on the engineering planrs
for construction.

For further details, see Shah et al. (1976).
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WORKSHOP ON EARTHQUAKE-RESISTANT REINFORCED
i CONCRETE BUILDING CONSTRUCTION (ERCBC)
University of California, Berkeley, July 11-15, 1877

AN OVERVIEW OF USER NEEDS FOR IMPROVING ERRTHQUAKE-RESISTANT
REINFORCED CONCRETE BUILDING CONSTRUCTION

by

Bruce C. Olsen
Consulting Engineer
Seattle, Washington

INTRODUCTION

This paper is intended to introduce the subject of user needs, and to
direct attention toward improvements in earthquake-resistant reinforced con-
crete building construction as they may be develeoped to serve users in less
seismic areas of the eastern United States.

Every mountain climber harbors dreams of Mt. Everest or X2, and every
structural engineer in the building field has visions of designs to rival the
Sears Tower in Chicago or the World Trade Center in New York. Similarly,
every professional in the field of seismic engineering harbors thoughts of a
Richter magnitude 8.5 earthquake having an epicenter under the heart of his
favorite city. Professionals who travel far and wide at the quiver of a fault,
invariably return with tales of disaster resulting from overlooked conditions
of structure response. With this type of concern over catastrophe and des-
truction, little attention has been devoted to the more mundane aspects of
user needs, either in terms of design procedures or in terms of the funda-
mental philosgophy, as they might be effectively met for users of the product
in localities where catastrophe is less imminent. The result of this has been
an overkill. Users in the less seismic areas sense no real need for such
grave concern. They do recognize the possibility of having a complex techni-
cal problem introduced into their area of responsibility together with a
resultant increased design and product cost, the benefit of which is not
apparent.

U.S8. Geological Survey open file report 76-416 1 , contains the latest
Algermissen and Perkins map of horizontal acceleration in reck (Fig. 1), which
shows the regional differentials across the United States, indicating generally
that, except for an area in the vieginity of Memphis, no impressive seismic con-
ditions exist in the sastern two~thirds of the country. Proceeding from this
information, users as a group in the eastern part of the United States have
little reason to feel concern with regard to seismic protection.

At the fall 1976 meeting of ASCE in Philadelphia, Dr. T. T. Fujita 2
presented a map (Fig. 2) showing the occurrence and path of tornadoes in the
United States over the past 44 years, It is obvious that communities in the
western United States have essentially no interest in this subject, and no
incentive to take special precautions to mitigate hazards in building con-
struction which might be attributed to tornadoes. <Certainly the Uniform
Building Code does not address the issue.

An unwritten but frequently expressed basis for use of the SEROC "Recom—
mended Lateral Force Reguirements and Commentary" 3 , commonly known as the
Blue Book, is that the seismic design recommendations are intended to apply to
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ardinary buildings, but they are not intended to apply to the extraordinary,
such as very tall or irreqular structures. Very tall is not defined by story
or aspect ratio, but appears to indicate that the designer should consider
extra precautions in design above about 5 to 1 aspect ratio or 125 to 150 feet
(38 to 46 m) height limits. The document does well in protecting buildings
within this envelope. At the same time, the designer of the small structure,
warehouse, office building of one to three or four stories, which have ir=-
regular configurations may find himself with limited guidance, at the mercy of
local authorities in interpretation, or even pursuing an unsafe course.

USERS AND THEIR NEEDS

To make the title significant, users must be identified, together with
the relationship of their needs. Engineers ordinarily consider themselves the
primary users, faced with the responsibility of designing around the capabil-
ities of the material. The actual list of users who are affacted by the
material and whe are instrumental in its selection for use or in the control
of its use is much broader. Architects freguently play a strong part in
selection of the material because of its flexibility in forming and potential
for architectural treatment; they algo establish member shapes, configuration
and locaticon in the intexest of aesthetics. The building contractor isg faced
with physical installaticn of reinforcement and concrete to achieve both the
functional ends required by the engineer and the design features desired by
the architect; he also has the economic aim of maximizing profit through
simplifying construction procedures. Special inspection agencies, particularly
the inspectors themselves, must understand the necessary controls and the
tolerances allowed to assure that the contractor performs to the degree re-
guired by the needs of the engineer and the desires of the architect. Building’
departments require simple and straightforward regulations covering design
limits and materials, that can be administered withcout ambiguity and, at the
same time, without unnecessary constriants on the builder or the designer.
Fire protection groups place restraints on material characteristics by estab-
lishing protective cover for reinforcement, limitations on aggregate properties
and constraints on material thickness ¢or minimum sizes to satisfy fire pro-
tective needs, Model code bodies require supportive technical information to
assist in development of requlataory provisions in their documents, as do many
federal agencies who prepare independent design guides relating to construction
within their jurisdiction. The supplier of the materials, while not in the
same sense a user, has equal need for knowledge with regard to the capabilities
and limitations of his materials or components and the methods by which they
can be used most effectively. Beyond this, we have the individual or corpor=
ate owner of the completed product with a need for a construction system
resulting in an economically attractive investment which might be able to
experience moderate earthquakes with reasonable repair potential. Pinally,
the using community needs a finished product which will continve to serve and
add to the community value, while functioning in a manner that does not en~
danger the citizens of the community.

The owner in many cases is an unknown or variable quantity, and it is
impracticle to aim an information program at him. The community is a political
body, primarily having a real need for guidance in the adoption of a well pre-
pared code which will provide the necessary freedoms and protection desired.
Fire protection groups establish a part of the parameters within which design
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is performed, and these may be independent of seismic considerations. All of
the yemaining users need toc know or appreciate the general character of the
regearch which has been performed and the significance and application of the
results to practical problems. Insofar as possible, this communication should
flow in a lucid manner from the experimental and analytical field to the
interested user, with emphasis varied according to the manner in which the
information might serve the user.

THE ENGINEER USER AND REGIONAL CONSIDERATIONS

The Engineer And His Interest

The individual who goes directly from the baccalaureate level to the laber
force i still numerically dominant in the profession, and, in some areas, even
favored by the hiring c¢ffice. These engineers with no experience in research
and sometimes limited mathematical capabilities, are doing the bulk of the
building design, are registered, and practice in a relatively unrestricted
mannexr.

The engineer is not unwilling to perform better work or to use new
methods, although he may reguire some real assistance in making a change. He
has a good grasp of problems of practice which may be completely unrelated to
regsearch; he is eager, through necessity if for no other reason, to develop
effective and economical structures, and his enthusiasm for professional
achievement parallels that of the researcher. Being sensitive, he tends to
resent the implication that there is something superior about the accomplish~
ments of the individuals in a different field, which sometimes is reflected
in a tendency to belittle academic efforts. At the same time, he is the chan-
nel through which the results of research are not only put into practice, but
also introduced into the area of other user needs, as in model codes.

In highly seismic areas, agreement among engineers is extremely con-
ditional with regard to design methods and regulatory provisions. When an
obvious lack of unanimity exists among those faced with a need to be most
knowledgeable, the engineers from less seismic localities can scarcely be
faulted for objecting to the imposition of severe restrictions.

The Regional Needs

all of this is regional and provincial. The interest of the practicing
engineer in any locality is drawn to the problems which he is faced with
solving, in accordance with the importance that these matters may be assigned
in that region or locality. Research and development on the basis of protec-
tion against frequent recurrence Of highly damaging earthquakes has not been
a matter of apparent concern to the public in the east and the middle west.
As a result, design methods developed in more seismic regions appear to place
an unnecessary burden on the designer in the less seismic regions against
conditions which are either extremely unlikely or completely unprecedented.

Regional interest or disinterest in relating structural practice to
seismic risk varies exponentially with the seismic potential of the area, and
with the time elapsed since the last seismic occcurrence. It is also related
to public policy and the philosophy of application of the code, and to the
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existence of other more frequent hazards damanding the attention of the com-
munity. where seismic design has been undertaken in the United States, it has
frequently been based on the principles and philosophy propounded in the SEAOC
Seismology Committee Blue Bock 3 . This is developed on the principles that
a structure should be able to:

1. Resist minor earthquake without damage.

2. Resist moderate earthquake without structural damage, but with some
nonstructural damage.

3. Resist major earthguakes, of the intensity and severity of the
strongest experienced in California, without collapse, but with
some structural, as well as nonstructural, damage.

Designing within the risk maps which have been currently used, the last
stricture applies to the severity anticipated in the locality of the structure.
While the provisions and principles are sound, they have been propounded for
an area where earthquakes have been both frequent and damaging, and where both
the public and governmental bodies, as well as the construction community, has
been made aware through physical reminders of the potential. When we consider
the hazard potential in Los Angeles or the Bay area, and realize how slowly
gteps proceed to reduce that hazard, which is so obvious and real, there is
little wonder that in middle and eastern America engineers show a lack of
enthusiasm.

The east does have limited areas with prior seismic experience and signifi-
cant damage potential, such as Memphis, Charlestown, and Boston. It also has
geological characteristics which affect attenuvation in a different manner from
that experienced on the west coast. Possibly the three-point philosophy has
some continuing merit in the locations where greater risk is implied or higher
accelerations anticipated, but should be reviewed in lower risk areas. In
such areas, static analysis procedures commonly in use for buildings of nominal
proportions result in the determination that wind pressures, also applied as
static loads, would extceed the loads developed through the seismic force route.
wWind lcads, recognizing veortex shedding, buffeting from adjacent structures and
torsional effects, are nevertheless normally approached as a unidirectional
loading conditions, not subject to the rapid reversal of forces experienced
in seismic activity at whatever acceleration level. The designer must be con-
vinced that a rapid reverszal of forces through a series of coycles has a greater
damage potential to the structure than the less frequently repeated and
generally unidirectional effect peak wind loads. In heavily seismic regions,
the engineer is aware that he is designing for an effective acceleration rather
than the actual peak acceleration that might be obtained through instrumental
measurements, and that ductility and excursions into inelastic areas provide
him with the energy dissipation capability to do this. Acceleraticn maps
currently propesed for application to the entire United States are based on
the theory of comparable risk with the application of an acceleration less
than the ingtrumental peak. Thus the designer in the less seismic areas
selecting an effective acceleration from the map and developing the resultant
equivalent static forces of earthgquake may f£ind that wind loads appear to cause
greater stresses, without realizing that these effective accelerations may be
exceeded substantially, and require structural capabilities beyond those needed
to resist wind forces.



This does not mean that there is a great need for extensive effort in
the area of seismic design to satisfy the reguirements of middle America. It
could even be that some alteration of Chapter 7 of ACT 318-71 4 would suf-
fice to improve the resistance capability of all structures in such a manner
that the problem of seismic design in many areas might be greatly minimized
or even eliminated.

Uniform Building Code 5 requirements assign importance factors to
certain buildings, thus increasing the forcing function. The Applied Technol-
ogy Council in a pending document assigns bulldings to categories and makes
detailing more restrictive for buildings with higher resistivity demands, with-
ocut changing the forcing function. The system of categories appears to be an
inprovement over percentage increases in forcing function; since the input
ground motions will not change.

Category assignment might be reviewed, coupled with a review of the three-
peint SEAOC Blue Book philosophy, which may be valid in highly seismic areas
but is possibly not applicable across the entire country. Should areas of low
seigmicity and low recurrence have a concern with anything except collapse
prevention? 1In these areas, are we concerned with drift and nonstructural
damage except as it impairs egress, or is elementary life protection the only
criteria? The Uniform Building Code admits to property concern without ex-
pressing any limit. Through experience, structural designers in the west are
aware of property damage and inwvcke drift limits and other restrictions as
preventive measures. Code authorities in other areas feel no responsibility
for any protection beyond that of life safety.

How do these questions relate to research relative to structures sub-
Jected to accelerations of 10 percent to 15 percent g as peak acceleration
in 50 vears as opposed to 40 percent to 50 percent g in more seismic areas?

In preventing collapse, how do we view recurrence? ATC and current maps
of peak acceleration and velocity are based on a 50-year life expectancy for
recurrence, although it is unlikely that many reinforced concrete bulldings
constructed today that are five stories or more in height, will have outlived
their usefulness within that period. Much older buildings, in active com—~
mercial use that are evident and significant earthquake hazards, are presently
fully occupied and some even preserved as historical landmarks.

Should the philosophy of design be directed toward life expectancy of 100
or 150 years with design for noncollapse from seismic events of much longer
recurrence interval? How would this relate to desigh levels considered
acceptable in highly seismic areas?

In all areas, there is a tendency to use higher strength material, and,
in the middle west, this apparently has resulted in the use of cast in place
concrete having strengths in the 10,000 psi (702,9 Kg/cm?) range. Most experi-
mental work done in the past has been on the basis of a structural concrete
practice using material having compressive strengths of 4,000 psi (281.18
Kg/cm2) and less, combined with grade 40 and gfade 60 reinforcement., TUTkili-
zation of higher strength material may in turn change the ductility and effect
the type and nature of failure. Because higher strength material may reduce
the member size required, one of the users, the architect, will aim at this
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advantage while the builder will be pleased at any opportunity to econcmize
on materials.

When the physical experience of an earthquake is close at hand, it is
very impressive. The results of such experience are inherent in the profes-
sional registration procedure in California, stressing seismic design. In
this area, immediate experience is recent and its recurrence is expected;
Santa Rosa in 1969, San Fernando in 1971, Eureka and Oroville, both in 1975,
so that all users are conscious of the problem. In the east, experience
close at hand is lacking, and what happens in California is of the same level
of interest as news of China or Ttaly. Ewven in the Pacific Northwest, with
damaging earthquakes involving loss of life in 1949 and 1965, users and the
public remain unimpressed.

First the community‘must be copvinced a concern exists and should be
dealt with. This way not be in the arca of laboratory research, but it is
an essential process if a pro