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Preface

The material contained in these three volumes constitutes the proceedings of a workshop
on Earthquake-Resistant Reinforced Concrete Building Construction (ERCBC) sponsored by
the National Science Foundation, and held at the University of California, Berkeley, July 11-15,
1977. The main purposes of the workshop were to provide a means for the exchange of infor
mation related to the state-of-the-art and state-of-the-practice in the design and construction of
seismic-resistant reinforced concrete buildings, to evaluate current progress, and to establish
research needs and priorities for future work.

The specific objectives and organization of the workshop are summarized in the Introduc
tion to the first volume. The final recommendations of the workshop form the main body of
that volume. Four appendixes follow, containing the program, the list of participants, the list
of working groups, and, lastly, a research directory.

Volumes 2 and 3 comprise the technical reports and papers that were presented. These
furnished the background material for the discussions which ultimately resulted in the final
recommendations of the workshop.

It is hoped that these proceedings will help mitigate the destructive effects of earthquakes
by encouraging practitioners to implement those recent findings from the research and profes
sional communities that will improve current practice in ERCBC, and by providing researchers
and agencies sponsoring research with guidelines for ensuring that future research is oriented
toward solving current problems. It is also hoped that the proceedings will serve to stimulate
communication and improve cooperation between practitioners, educators, researchers, and
representatives from industry and government agencies working in the field of ERCBC.

It is not possible here to thank all the individuals who contributed to the success of the
workshop, but a few should be mentioned. The assistance of Dr. John B. Scalzi, Manager of
the Earthquake Engineering Program of the National Science Foundation, during the planning
of the workshop, and his continuous support and encouragement are gratefully acknowledged.
The able assistance of Dr. Stephen A. Mahin, who acted as organizing secretary, throughout all
phases of the workshop is greatly appreciated. In addition, thanks must be extended to the
members of the steering committee: W. Gates, N. Hawkins, J. Scalzi, M. Sozen, and L. Wyl
lie, Jr., for their technical assistance; to the session chairmen; the heads and recording secre
taries of the working groups; to H. Barry and L. Reid of University Extension for coordinating
schedules, arranging accommodations, and making the workshop an enjoyable experience for all
the participants; and to L. Tsai, not only for invaluable editorial assistance in the preparation of
these volumes, but for her continued help throughout the various phases of the workshop.
Finally, special and sincere appreciation goes to the authors of the technical reports and to all
the participants, who took time from their busy schedules to collaborate in the workshop. The
success of the workshop is the result of their individual and combined efforts.

Funding for this workshop was made possible by grant ENV76-01923 from the National
Science Foundation. Their support is gratefully acknowledged. These proceedings constitute
the final report to the sponsor. The conclusions and recommendations expressed herein do not
necessarily reflect the views of the National Science Foundation.

Vilelrno V. Berlero
Berkeley, California
June 1978
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WORKSHOP ON EARTHQUAKE-RESISTANT REINFORCED
CONCRETE BUILDING CONSTRUCTION (ERCBC)
University of California, Berkeley, July 11-15, 1977

AN OVERVIEW OF THE STATE-OF-THE-ART IN EARTH
QUAKE RESISTANT REINFORCED CONCRETE BUILDING
CONSTRUCTION IN THE UNITED STATES OF AMERICA

by

John A. Blume
President

URS/John A. Blume &Associates, Engineers

INTRODUCTION

Much has been accomplished in the United States, and elsewhere,
toward the improvement of procedures in design and construction leading
to the greater and more reliable resistance of reinforced concrete
buildings to severe ground shaking caused by earthquakes. However, it
would be unwise for me in this overview paper to attempt to catalog all
that has been done in the United States. There are too many efforts,
and any listing would be certain to have too many omissions. The dis
cussion of accomplishments will therefore be held to a few major cate
gories and be somewhat general rather than detailed treatment which will
no doubt follow in papers by others. Apologies are extended in advance
for worthy efforts not included.

It should be noted before proceeding that the state-of-the-art in
design -- not only as practiced but as generally recognized, has depended
strongly upon whether one was concerned with nuclear plants, other
"exotic" structures, or more conventional structures such as office
buildings. Certain matters are being considered at this time for build
ings of a normal-code type that have been in practice in the nuclear field
for 10 or more years. Other things are being approached or considered in
the nuclear field that are so new they haven't yet reached the university
research level, let alone the design of conventional buildings. Another
lesser known field in which the state-of-the-art has been well beyond
normal practice or general knowledge is that related to the prediction and
measurement of response to ground motion from underground nuclear or other
explosions. T~e writer has been continuously and actively engaged in these
various areas since their inception as well as in research; the following
discussion will no doubt be influenced accordingly.

One should distinguish between the existence of knowledge or a state
of-art and whether or not that knowledge or art needs to be, or should be,
applied in all cases. It is not expected, for example, that all of the
refinements of nuclear plant design be applied to the design of all other
buildings; nevertheless, the mere existence of knowledge eventually has
some impact on all design, although there may be a long period of filtra
tion or ingestion. Perhaps one of the main purposes of a meeting like this
is to accelerate the exchange of such information.

Following certain general considerations there will be a brief dis
cussion of significant accomplishments, then discussion of specific areas
of accomplishment and of research needs in two broad categories -- those

Preceding .. page ···blal -
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items that apply to buildings of any type or material, and those items
which apply exclusively to the design or construction of reinforced con
crete buildings. Although treatment of the first category will be
limited in favor of the more specific one, for obvious reasons, it would
be derelict not to consider both in this overview. For example, an im
provement in knowledge of soil-structure interaction is an accomplishment
that may improve the design of future concrete buildings as well as all
others. In order to make the presentation as coherent as possible, both
accomplishments and needs in research and development will be discussed
under each subject.

PRELIMINARY GENERAL CONSIDERATIONS

Whenever the writer attends a meeting, or reads a summary of a meet
ing, on the subjects of the state-of-the-art and what we don't know, what
research should be done, etc., his initial reaction is astonishment at how
much we don't know, or think we don't know. His second reaction is that
in the face of such ignorance, how could we have done what we have, or are
all the products of our past efforts bad -- are they all potential earth
quake failures? Some would reply that maybe most of the structures are
all right but they were overdesigned, or cost too much. But that isn't a
satisfactory reply because building construction today is enormously costly
on a relative basis whether cost is measured in current dollars, 1930
dollars, chicken eggs, or glass beads:

His third reaction to the array of "ignorance" tabulated at such meet
ings is: maybe some of this is generated by the need for, or desire for,
research subjects and supporting funds. Although this may be a factor in
some cases, consciously or otherwise, it is not a dominant one. What, then,
is the dominant factor -- how could we know so little and have done so much?

The answer seems to lie in the ~ we are doing things today as com
pared to how they were done before. Today we are:

1. Doing things better, in general; and by "better", let us say more
reliably.

2. We are using computers, and thus need more formal documentation.

3. We are using less judgment in favor of more hard numbers.

The more we use computers, the more precise we have to be in our
criteria and instructions. We use less judgment in design today because
(a) we rely more on computers; (b) because new generations brought up on
computers may have less judgment to exercise (the reason for this being
that judgment is not required so much and therefore is less developed);
and (c) because society through its legal structure and current practice
is making it risky to rely too much.upon judqment where there are other
means. This explains why we have professed ignorance today -- and have
developed long research lists -- in subjects which have in a great many
cases been treated before, and often in a quite competent manner.



My maternal grandfather was a country doctor who did some marvelous
things for his patients -- things he couldn't do if alive today because:
(a) he would be sued; (b) he would need to consult a bevy of specialists;
and (c) the specialists would probably want extended, double blind, com
puterized research studies before reaching a conclusion; and (d) then AMA
and perhaps governmental agencies would have to concur in the validity of
the research and in the application of the findings.

Many subjects considered new or pressing research material today were
treated years ago by good engineering judgment and intuition, or perhaps
by a meagerly-funded research project. For example, the matter of foun
dation "tipping" as a possible mitigating factor under lateral forces was
considered and used extensively in design decades ago [1], and yet today this
is a viable, worthwhile subject that must be formalized [2]. Energy demands
and ductility are similar [3,4]. Today one has to follow the book whereas an
experienced engineer a few decades ago could do marvelous things even with
out the computer. Today, we are "ignorant" only in the sense that we must
-- for various reasons -- be more rigorous even in things we may know much
about. On this basis there is no objection to doing detailed research on
our so-called "ignorance" providing, of course, that excessive duplication
of effort is avoided. It would be desirable in the process, however, to
give credit to more of the things done by earlier workers who operated,
necessarily, in a different climate.

The main design aspects for an advanced state-of-the-art have been
charted by Bertero [5] and are shown in Figure A. As complex as this may
appear, there are even more aspects that should be considered' either
directly or implicitly. Some of these have to do with the many factors
that may (or may not) reconcile the great range between design coefficients
for base shears and the peak (instrumental) accelerations that may be ex
pected. The writer has listed 22 such factors in a purposely provocative
manner [6], some of which are shown in Figure A. There will be more and more
consideration of these factors as time goes on. Detailed work has been
done in some of them. Many of them can best be approached by realistic
probabilistic analyses rather than deterministic procedures that may be
unrealistically conservative.

A chart similar to Figure A for the construction aspects could be
made but it would be very complex because of the many various ways in
which the construction industry operates. A set of plans and specifica
tions for a building are subject to various reviews after the design is
done. Reviews of various intensities and for various purposes may be made
by the owner, by building officials, by environmental and other agencies,
by safety agencies, by fire departments and by financing institutions.
The output from all this, after any necessary revisions of the documents,
is a building permit, financing, and other necessary permits.

Perhaps simultaneously, a general contractor is being (or has been)
obtained by various procedures including bidding, selection, and negoti
ation. There mayor may not be a construction program manager. Often,
and desirably, these people are available during the design stage. If not,
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they may have some suggestions for alternative procedures. The later
these surface in the process, the more costly changes may be.

The general contractor has various subcontractors and material
suppliers. Obviously, the rebars and the concrete supplied are vital
to the success of the design; their proper placement is also vital. A
testing laboratory is involved to make both field and laboratory tests,
to design mixes, submit reports, etc. In addition, an inspector (or
more) is needed -- a very important position. The engineer has to ap
prove all shop drawings, guide the inspection and lab team, and in gen
eral assure himself on a current basis that the job is going as intended
and that there are no unforeseen problems going unattended. He no doubt
has to certify that the building is constructed as shown on the contract
documents.

All in all the construction of a modern reinforced concrete building
is a major undertaking, one with all sorts of participants and responsi
bilities. Research does not belong in this stage, nor even in the design
stage except to insure the proper practice of the state of the art. Re
searchers, however, should have some knowledge of the complexities, costs
and problems in creating a modern building.

The ultimate goal of ERCBC should be to design and construct reliable
buildings which will insure that in the event of an earthquake there will
be no serious injury or loss of life and that, on the average, the cost of
repair of earthquake damage will not exceed the increased design, construc
tion, maintenance and financing costs that would have prevented the damage
[7]. This can only come about with integrated good research, good building
codes, good design and good construction.

SOME SIGNIFICANT ACCOMPLISHMENTS

Accomplishments in the field of earthquake engineering applied to re
inforced concrete buildings, as in many other fields, are generally some
what evolutionary and gradual. There are not dramatic discoveries such as
finding a new element or the release of a new wonder drug. Even though
the younger generations may not agree, a great deal of a basic nature about
the earthquake problem was known decades ago. It may not have been fully
demonstrated because of the sparsity of data and of research funds, nor was
it generally recognized (most simply didn't care), but it was known. In
the last 10 or more years much progress has been made in obtaining more and
badly needed data whether from earthquakes per se, from testing, or from
analysis, especially in the inelastic range. There has also been much pro
gress in the dissemination of data and the transfer of technology to a
greater population of engineers and building officials.

Decades ago, California structural engineers who were on their toes
earthquake-wise provided "extra" closely spaced column ties near joints
and "extra" closely spaced stirrups in beams or girders near columns. A
few even put some in the joints. They also provided bar laps in an amount
and at places that shocked eastern engineers. And they did other things
they knew, or felt, were proper for earthquake resistance. ACI standards
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in those days did not require, or even recognize, such things. How did
these California engineers know that such details were vital in earth
quake resistance? They observed, they thought deeply, and -- above all
-- they had the "feel of structures", a sixth sense that may be natural
or developed, or both. Unfortunately, the old eastern (non-seismic)
practice was followed in many other countries and subsequent earthquakes
have led to damage or failure "even though designed to U.S.A. standards."
I think this matter has been clarified and remedied once and for all and,
if~as, I consider it a great accomplishment of recent times.

Perhaps the most significant, and certainly the most dramatic,
item in the earthquake resistance of reinforced concrete construction
is the combined concept and detailed procedures of making concrete
"ductile" and to avoid disastrous frame failures in shear or unconfined
compression during earthquakes. This was first published in a book by
Blume, Newmark and Corning [8,9]. Unfortunately, it took several years
for ductile concrete to get into earthquake codes (it was challenged by
the steel industry) during which time many frames of a non-ductile nature
were constructed. Although the book was released some 16 years ago,
valuable work is still being conducted in the great inelastic range of
ductile reinforced concrete whose properties can mean success or failure
in a great earthquake. It is noted that a few older buildings tend to
have some ductile characteristics because of accident or, more likely,
because of the wisdom, or "feel", of the designers.

Another accomplishment in the last 10 years or so has been to test
full size or large scale members, joints and assemblies in such manner
as to better understand the properties and mechanics of reinforced con
crete in the range from yield to ultimate strength, to increase ductility
and energy absorption capacity, and to find ways of increasing the
ductility/cost ratio. A great deal of such work has been done at UC
Berkeley [10], not to mention Illinois [11], and the Portland Cement
Association [12]. (Also see Appendix A)

Another accomplishment has been testing and analysis of so-called
shear walls, alone and in various combinations with frames or boundary mem
bers [12]. The integration of the shear wall, or "cantilever" or "flexural"
wall in many cases, as a full-fledged structural element rather than as
a filler wall or as a "stiffener" in a building is a step forward. The
action of coupled walls is an important phase of this subject. There
have been a few tests of real buildings or test structures, some into the
destructive range, and these have provided valuable information [13,14].

Foundation design has improved greatly as have considerations of
soil-structure-interaction, another subject in which Seed and others at
Berkeley have done much work. (See Appendix A)

There have been improvements in the joining of precast, prestressed,
and poststressed elements for earthquake resistance. There have also
been improvements in the placing of cast-in-place concrete.



There have been improvements in the method of joining or splicing
bars and in detailing and placing reinforcing bars. Many designers have
learned that a bar has other dimensions than length, and that the corru
gations also occupy space~ The construction people will appreciate this
advance.

There have been more needed determinations of damping and stiffness
with changes in distortion and into the inelastic range.

Yes, there have been accomplishments but there is much more to be
done, as will be discussed subsequently.

SUBJECTS APPLICABLE TO ALL BUILDINGS

Ground Motion

Much more is known about ground motion characteristics, amplitudes,
statistics and probabilities than was the case 10 years ago. In general,
it has been found that peak ground accelerations (a) may be greater than
was thought several years ago; (b) they are quite variable from place to
place [13]; (c) they are not good indicators of structural response be
cause the time dimension is not included; and (d) they have very weak
correlation with magnitude close to the source [15].

The same problems exist, possibly to a lesser degree in certain fre
quency bands, for peak ground velocity and displacement. By themselves,
as for acceleration, they do not constitute adequate descriptions of motion
without the time dimension in the form of period and often duration as
well. The relationships of ground acceleration, velocity and displacement,
are also quite variable although they have been idealized.

Spectral response diagrams, when properly developed to conform to
the given conditions and to allow for the probabil istic aspec i .3 of the
problem, are quite useful and meaningful. So-called "standard" response
spectra should be used with care and with proper attention to the stated
limitations and conditions for such curves [16]. The zero-period, or
"anchor" acceleration used to construct or to proportion response spectra
must be carefully selected to avoid extreme conservatism. There will be
much more discussion in the future of so-called "effective" acceleration
as compared to "instrumental" acceleration [6,17].

Work is underway on the matters of seismic moment and stress drop.
The results in a few years might well weaken magnitude as a parameter
in earthquake engineering along with peak particle ground motion.

Soil-Structure Interaction

Much progress has been made by Seed and others in the matter of how
the soil over rock affects the input motion [10]. There can be no doubt
that the soil and the structure constitute the real dynamic system.* Much
more needs to be done, however, on how large or deep foundations affect

*Even this was studied a long time ago [24,25].
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the motion. Work of this type is underway now [18] and some papers have
been published [19,20,21]. Some of the limitations of popular procedures
is that they do not, at least adequately, allow for incident waves at
various angles, for radiation from boundary layers assumed in analysis,
or for the mitigating effects of large, rigid structures. Moreover, more
needs to be done on the inelastic properties of soils and rock under var
ious strain levels and cycling and on the true rigidities of foundations
(and structures) vertically relative to the soil.

Sophisticated analyses can be made today, where needed. Some of the
most elementary aspects of these are being injected into building codes
[17,22]. It is expected that much further progress will be made in soil
structure interaction and in structure-soil-structure interaction in the
next few years. It is also expected that although quasi-resonant response
of the soil and structure is, of course, to be expected in some cases [231,
it will be found, in general, that current procedures are conservative in
(a) taking worst or envelope conditions, and (b) neglecting important
energy dispersions and work done. As more exotic methods are developed,
such matters as torsion and tilting with symmetric structures will have to
be considered. Further work should also be done on two and three dimen
sional aspects of the ground motion and the response and the probabilistic
aspects of dimensional and modal combinations and on the combined inelastic
structure-inelastic-soil system.

Experimental research in the laboratory and especially in the field
is needed to help resolve many problems in soil-structure interaction.
The tipping tendency of tall slender structures is a viable subject [2]
that needs to be considered more formally than it was in the past.

Theory

Theory of dynamic elastic superstructures has been advanced for a
long time. The problem is to be able to model the prototype realistically.
Real buildings are often quite complex with various interacting materials
and elements, with various properties and participation at different dis
tortion levels. A "non-structural" element may seriously affect the pro
perties that control the response and thus be an important element until
it fails. It is well known that the natural periods of many buildings
change with distortion, with damage, and with the history of prior re
sponses [13]. Analyses that do not allow for probable major period vari
ations may not be realistic. The writer has often said, and repeats
again, if one can't model the building the way it is, then the building
should be made to conform to the model. In the normal climate for build
ing design it is difficult, if not impossible, for the engineer to conform
to the model.

More needs to be done in inelastic modeling, analysis and testing
and also in 20 and 30 analysis elastically and in the inelastic range.

Techniques for energy reconciliation in design have been available
a long time [3,8,26] but have not actually been proved or disproved.
Formal proof may be a long time away. In spite of this, the balance of



kinetic energy with elastic potential energy and the work done in the in
elastic range seems not only logical but necessary and it is intuitively
acceptable to most engineers. The reserve energy technique [3,8] is a
powerful tool for complex inelastic analysis, or for review using data
from assumed elastic response. It has not always been used by its origi
nal name, but it or various aspects of RET have been used both directly
and implicitly in much aseismic research and design. It is still sug~

gested, as before, as a supplementary check on conventional stress or
"force" analyses. There is much more to it than a means of reducing
elastic spectra.

Observation of Building Damage

The careful observation and recording of building damage, and lack
of damage, is an important part of earthquake engineering which must be
conti nued. However, it is sometimes overlooked by engineers and usually
by others, that observation of damage is only one aspect of 30 or more
aspects in earthquake engineering. For example, detailed analysis to
learn exactly why things happened, or didn't happen, is perhaps more
important than the event itself. Even more important is providing
reasonable and economic means to prevent such events, if serious, in
the future. The observation and recording of damage is vital, but it
is the tip of the iceberg -- widely seen, but not the center of gravity.

It is unfortunate that in some cases misleading or vague information
has been released from the field or by the designers as to the design
basis for damaged buildings, especially those in other countries. For
example, some of the damaged South and Central American reinforced con
crete buildings have been said to have been "designed to United States
codes. " Now what is a "United States code", especi ally many years ago
when the buildings were designed? Is it the old ACI specification with
small column ties far apart even near the joints; is it an UBC code --
if so, which one, etc.? Is it "ductile" concrete, and if so by what
definition?

Detailed Analysis of Building Damage, or Lack of Damage

This is a vital subject and one in which there has been much accom
plished. More should be done, especially on undamaged as well as damaged
buildings if local ground motion records are available. Damage and lack
of damage should be reconciled, preferably on several similar buildings
to establish statistical parameters. The objective is to learn more, to
improve analysis and design techniques, and to be able to obtain more
economical as well as more reliable earthquake-resistant buildings. This
work requires a combination of the most advanced technical procedures and
the experienced judgment of seasoned designers.

This writer can not agree, however, that "only by expoSure to real
earthquakes will we be able to test our design procedures." In the first
place, earthquakes are highly random, and they and their effects vary
from A to Z. In the second place, a given earthquake may not really test
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the structure.* In the third place, we can't wait that long, nor do we
have to. Good analysis and theory seasoned with experience can provide
a better evaluation of most buildings than one or two earthquakes that
mayor may not occur in the lifetime of the structure. But this type of
work has to be much more than a code-type analysis.

To analyze reinforced concrete buildings it is important to get com
plete drawings, or else make drawings and details from field investiga
tions; also it is important to get test data, or else make tests of sample
materials. The analysis should be done by two or more methods, where
appropriate, to compare the results. Allowances should be made for period
and damping variations. The conclusions should be limited to the specific
data and situation at hand without extrapolations or generalizations that
could be misleading.

Building Codes

The codes are improving but (a) they haven't been all that bad when
good judgment has been blended with careful analyses; and (b) they will
never be perfect documents because of their necessary time lag behind
new knowledge, compromises, and idealizations. Special structures will
still need to have more input than "passing a building code." Some damage
must be expected in spite of getting a building permit under any seismic
code. Few owners realize this today. Applicable codes must be met, but
that alone should not be considered as a substitute for good engineering
judgment and theory. However, any code exceedances ne~d owner approval.

Statistics, Probabilistic Theory, Risk Evaluation

By whatever name, the recognition that there are random variables
and that they follow certain laws and have certain parameters is a vital
part of earthquake engineering. This subject has been gaining in pop
ularity in the last 10 years or so but it has further to go. It won't
solve all the problems but it "puts a handle" on many of them and it
improves communication, even with the layman. It is also an aid to
judgment and the handling and recording of complex data. It is a legiti
mate part of earthquake engineering but not a panacea as the public some
times believes. The writer has used formal probabilistic theory, sta
tistics and risk evaluation for over a decade on many complex problems
including some from the fault as the source to the response of equipment
high in a structure. He has also used it less formally over decades of
consulting practice.

The conventional deterministic procedures may lead to gross conser
vatisms, especially where "enveloping" is used for various steps along
the way [6].

*An unwounded soldier coming out of battle is not bulletproof:



SUBJECTS APPLICABLE TO REINFORCED CONCRETE BUILDINGS

The items discussed above apply to all buildings, including rein
forced concrete buildings. The subjects in this section apply only to
reinforced concrete buildings.

Measurements and Tests of Full Size Buildings

There are several ways to test buildings in order to obtain dynamic
properties such as periods and damping. One of the best is to measure
actual motion during an earthquake. Almost as useful, and easier to get,
are measured (instrumental) records of real buildings responding to man
made ground motion such as from high energy explosives or underground
nuclear detonations. Much of this has been done in the last 10 years
and much valuable information has been obtained about the characteristics
of real buildings [13,14,27,41].

Other methods include measuring ambient motion or wind-induced motion,
forced vibration, pull-and-release or bump tests, rocket-induced, and
human-induced motion. Some of these techniques go back 40 to 50 years
[28,29]. They have produced very useful information on periods, damping
and mode shapes and variations in these with amplitude, repetitions, time
and other factors. It has been found that the natural periods of some,
but not all, buildings vary considerably, even without damage per se [13].
The damping may vary also, generally increasing with amplitude. Natural
periods have been found to be the same, or closely similar no matter how
the motion was induced, providing the amplitudes are about equal.

Two 4-story reinforced concrete frame test structures at the ERDA
Nevada Test Site have provided much valuable information from many types
of tests including long-continued forced vibration to extreme distortions
in the damaging range [14,30]. It is expected that one of these struc
tures, already damaged, will be repaired by epoxy or other conventional
methods and then be subjected to severe motion to simulate the behavior
of repaired buildings in damaging earthquakes [31].

Tests of full size buildings provide much valuable information under
controlled conditions and should be continued in the future wherever
feasible. The test data should be compared to code and analysis results
and reconciliations made where indicated.

Large Scale Tests of Members, Assemblies, Elements and Joints

The testing of full size or large scale members, assemblies, ele
ments, and joints under static, reversed, cycling, and dynamic forces
with careful measurements in controlled conditions such as by Bertero,
Popov, and others [10] is very valuable work. The value lies in deter
mining the real properties of complex reinforced concrete members and
joints over the entire range from small strains to ultimate loads.
From this it is possible to improve the design procedures for better
performance of the buildings with increased confidence and at optimum
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cost. It is especially important that the capacity to do work (reserve
energy) be measured, and increased, so that maximum ductility can be
obtained and the energy demands of severe earthquakes can be resisted
without failure or excessive deterioration under reversals and cycling.

Damping determinations are needed under various strain levels or
ductilities, loading rates, histories of loading, deterioration stages,
etc. Variations in natural frequencies or stiffnesses are also needed
under similar conditions.

Shaking Table Experiments

Shaking table experiments with reinforced concrete models or with
full size elements such as being conducted by Clough, Penzien, and
others [10] are most desirable, especially where various ground motion
records are used to shake the test specimen well into the inelastic
range. The data obtained on response, period variations, damping, modal
combinations, damage and lack of damage, and with repetitions where
possible under different disturbances are valuable and can not be ob
tained as well, if at all, by other procedures. More should be done on
combined soil-structure systems in the 2D, 3D and inelastic regimes.

Layout of Buildings

The manner in which a building is planned geometrically is usually
vital to its earthquake integrity, especially to its economy of earth
quake resistance. Experienced designers of buildings know that of two
buildings passing a given earthquake code, one may be much better than
the other because of its layout. The buildings may be of the same
height and plan dimensions. Too many designers fail to recognize that
the real forces, the real strains, the real conditions, may be much more
severe than the cOde-required forces and shears would indicate. They
should be thinking of the inelastic behavior of the building as they
design it to code elastic stress levels. Unfortunately, few structural
engineers have much control over the layout of buildings. This is
usually done by the architect and perhaps the owner.

A recent well illustrated paper [32] discusses the importance of
layout. It has been discussed in prior years as well and it is well
known to experienced earthquake engineers.*

The more changes, especially significant or abrupt ones in plan or
in elevation, the more potential problems. Also symmetry of rigidity
about the two horizontal axes is most desirable (even a symmetric struc
ture will be subject to some torsion in the elastic range, and possibly
a great deal of torsion in the inelastic range).

However, it is possible to have both symmetry of rigidity about the
two horizontal axes and a perfectly rectangular building in plan and ele
vation and still have a less-than-ideal layout. Reference is made to

*Another case where more formality may be indicated.



a "core" building where most if not all the resistance is confined to
inner walls, generally surrounding the stairs, elevators and utility
shafts. The buildings look nice, they may have that graceful slender
column exterior appearance at the first story, they may pass a building
code, but they may also have a very low polar moment of inertia of
rigidity about the vertical axis. The result in a major event could
be a severe twisting that could do a lot of damage and be dangerous.
It is almost a certainty that buildings that go into the inelastic range
(and most will) will do so in an asymmetric manner no matter how sym
metric they may be in the elastic range. Research should· be done on core
buildings; in the meantime they should get special attention.

Another potential (and historical) problem is corner columns.
There is indication that with 2D and 3D action, with or without
"accidental" or inelastic torsion, corner columns designed by most
codes could have trouble [33]. Not only are certain geometric problems
and dynamic problems possible, but corner column joints are not gener
ally as well confined as other joints, and there may be less compressive
stress to aid in shear and flexural resistance.

Types of Concrete Buildings

Buildings come in various shapes, sizes, and types. There are "box"
buildings with nothing but walls, "framed" buildings, open column build
ings with slab floors and no beams, frames or slab buildings with "shear"
walls, framed buildings of various types with full or partial filler
walls of either strong or weak materials, braced buildings, open build
ings, etc. And, of course, there are cast-in-place, precast, prestressed,
poststressed, continuous pour, upside-down construction, and all sorts
of combinations. Cost is the problem. Earthquake resistance is also a
problem.

If the real forces were the same as the code forces and if all code
requirements were met, there would be no serious problem, with one or
two exceptions. Those exceptions have to do with the injection of par
tial-height rigid walls between columns. The partial height walls may
be "filler" and not be subject to control in most codes, but they can
"punch" the columns into local shear failures. Full filler walls are
not as bad but may also cause trouble.

But real earthquake forces and shears may be several times code
required forces and shears. Although there are many factors that may
reconcile this difference [6], they may in some cases fail to do so.
In such situations certain types of buildings may be better than others.
One key consideration might be to use that type whose rigid base period
is most removed from any dominant site periods. Frame action alone may
be desirable, but it may allow so much story distortion as to cause ex
cessive "non-structural" damage. Shear walls can be used, often to
advantage, but they shouldn't just be dropped in here and there -- they
should be considered part of the structural system. Shear walls, on
the other hand, may increase rigidity and response acceleration consi
derably over that of a frame. They also decrease any uplift
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attenuation. These matters, and others, all need to be considered in
research and in design.

Long, narrow, box-type buildings without intermediate transverse
shear walls tend to vibrate in a mode in which the floor diaphragm pre
dominates [34]. This in turn tends to twist the end shear walls and
add torsional shear to other shear. The Arvin High School walls no
doubt felt this action in 1952 [35].

Many buildings have such rigid vertical elements as compared to
the horizontal elements that the buildings are essentially vertical
cantilevers [36]. This results in coupled wall problems (in spandrels)
that mayor may not be serious, cantilever-type period ratios, and
rather short fundamental periods for the height. Various types of
buildings with reference to the ratio of vertical to horizontal stiff
ness have been categorized [36].

The Flexible First Story and Other Attenuators

The flexible first story resurfaces about every 10 or 15 years [37].
It was a popular subject 40 and 50 years ago [38,39,40] and a few build
ings were erected with this concept in mind. Actually, a great many
buildings have relatively flexible first stories because of their extra
height and many openings for doors and windows. There is little doubt
that a "soft" or flexible first story tends to reduce the lateral forces
in the structure [38]. A lifting or tilting foundation tends to do the
same.

The problem in the real world is that the actual distortions from
ground motion may grossly exceed those derived using code lateral forces,
and secondary stresses (P~, etc.) may become serious. There is also the
torsional problem to be considered whether or not the building code so
specifies.

A building with a very flexible first story as compared to the other
stories tends to act as a one-mass system if the soil is rigid. Its
period of vibration will vary from that of a more conventional building
of the same mass and geometric proportions. This may be good or bad,
depending upon the ground motion. Its total energy absorption may be
less than that of a more conventional building.

In general, flexible first story buildings should be approached very
carefully and have complete dynamic analysis with a range of time his
tories and response spectra of realistic ground motion.

The same can be said for most of the other attenuators and energy
absorbing devices. They have theoretical merit but should be used only
with adequate research and caution unless one knows just how far the
structure will move, and what will stop it, and with what reserve value,
and what will keep everything in line, in place, and functional at all
times.



Ductile Concrete (DC)

The writer wishes to clarify that "ductile concrete" [B,9] as he
defines it is not just the use of special transverse reinforcement in
beams, girders, columns, and joints, but also the more general aspect
of designing so that: shear failure can not occur before flexural
stretching of longitudinal bars; flexural stretching of longitudinal
bars will precede and thus prevent flexural compression failure in
concrete; and confining compression areas so that if concrete should
fail locally in compression it would be adequately confined and develop
the most ductility. The minimum amount and type of transverse rein
forcement to do all this may still be somewhat conservatively defined.

A challenge is to develop the most reliable reinforced concrete
column with the optimum combination and quantity of steel and concrete
for the maximum confinement and ductility in interaction.

Real versus Specified Concrete Strength

The specifications call for 2B-day strength, flc. They also don't
allow over 5% or 10% of the test cylinders to fall below f'c. The con
tractor may go to greater f'c "to be sure". The result is that the
average f'c on the job is much greater than that specified or used in
the design calculations. Then the earthquake is delayed from 2B days
to maybe 2B years, and f'c is considerably stronger, especially with
certain types of cement. The overall result is that the concrete is
much stronger than given credit for and it is also more rigid.

A further consideration is that laboratory test data are plotted
for parameters or for dimensionless ratios. Then under the usual de
terministic procedures someone, or a committee, draws a curve that falls
below 95% to 100% of all the test points, for "safety". This plot may
relate shear to f'c, for example. The real average shear relative to
f'c at 2B days may be 15% to 30% greater than the drawn line or curve
would indicate.

Combining these conservatisms -- the tests for shear, the concrete
mix, the age increase, perhaps the contractor's "safety" allowance as
well, we find the true shear value to be much greater than allowed for
-- maybe 50% to 100%. The rigidity (Ecl will also be greater; this may
be good or bad depending upon the spectral demands of the earthquake.
Certainly, the extra strength is good.

It is suggested that this always be considered in research and be
a bonus in design for the case where the real forces exceed code forces.
However, when we resort to probabilistic designs, as we should, such
matters can be handled better by using real mean values and dispersions
from the mean values together with realistic earthquake demands [6].
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Material Research

More should be done on the control and properties of rebars. Also
the trend toward high stress should be watched to insure that elongation
and ductility are not sacrificed. Very "brittle" steel should be avoided
-- even in heavy columns. Bar splices, welded and mechanical, have to
be watched. Bundled bars must be compatible with ductile design and be
adequately tested.

Concrete strength and type should be studied as trends change, such
as to higher f'c's.

Stress-strain laws should be reinvestigated where strengths have
increased above those for prior test levels.

Can fibers be used with safety?

Bond-slippage relationships under cycling and inelastic conditions
should be well known, controlled, and possibly improved.

Confined and unconfined concrete under different states of shear and
strain and under 10, 20, and 3D action should be studied more [42].

CONCLUSION

Under today's conditions, including the partial replacement of judg
ment with computer output, it is necessary to conduct research in more
depth than before, and to formalize procedures and documentation even in
areas about which there may be a fairly sound base. There is also an
added value in this process of education and technology transfer.

A great deal has been learned about how better to design and con
struct reinforced concrete buildings to resist severe earthquake motion
more reliably than in prior decades. A problem is how to make them more
economical; money wasted in the initial construction is gone forever.
Another problem, for all types of buildings, is the risk level for those
constructed long ago without the benefits of current knowledge -- some
of those buildings may be good ones, for various reasons including the
judgment of the designers, but many are not. This is a difficult social
problem. There are, indeed, many remaining and some new problems but
the road ahead looks clear to even better buildings and increased public
safety.
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INTRODUCTION

The purpose of this report is to provide to the participants of the work
shop an overview of the state-of-the-art in Earthquake Resistant Concrete
Building Construction (ERCBC) in Canada.

The close technical co-operation that exists. between U.S. and Canadian
engineers means that many aspects of the Canadian state-of-the-art in ERCBC
are essentially identical to those of the U.S. Hence rather than duplicating
material that will presumably be covered by the U.S. reporters, we will re
strict our attention primarily to those aspects which are specifically Cana
dian.

After briefly reviewing the need for earthquake resistant construction in
Canada we will summarize the development of the Canadian code provisions for
seismic design "loads". Canadian code provisions for detailing earthquake re
sistant concrete buildings and the manner in which some of these provisions
are applied in practice will then be described. A brief listing of current
Canadian research in ERCBC plus our opinion of the specific problems that
still need to be solved will conclude the report.

EARTHQUAKE RISK IN CANADA

The Division of Seismology and Geotechnical Studies of the Earth Physics
Branch of the Department of Energy, Mines and Resources (EMR) of the Federal
Government of Canada is responsible for monitoring seismic ground motion for
seismological data management and for seismological studies of earth dynamics
and earth structures to insure the availability of information and expertise
for industry, the public and the government.

The following brief discussion of the earthquake risk in Canada is based
on a 1975 EMR report by Whitham and Hasegawa [1].

The current instrumentation network in Canada is capable of recording all
earthquakes with magnitudes of 4 or more. and in certain areas there is a 90%
probability of locating earthquakes down to a magnitude of 3 or even less.
Some 200 to 300 earthquakes occurring in Canada are recorded each year. On
the average, 14% of the earthquakes are located in Eastern Canada, 27% in
Western Canada and 59% in the North, with very few being located in Central
Canada.



In the last 75 years, 7 earthquakes, with magnitudes of 7 or greater,
occurred in Canada, as listed below:
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1918

1925

1929

1929

1933

1946

1949

Location Magnitude

Vancouver Island near Estevan (West) 7

St. Lawrence River near the mouth of the 7
Saguenay (East)

Grand Banks, Newfoundland (East) 7.2

Queen Charlotte Sound (West) 7

Baffin Bay (Arctic) 7.3

Strait of Georgia between Powell River and 7.3
Courtenay, B.C. (West)

Northern tip of Queen Charlotte Islands (West) 8.0

In the last fifty years, there has been on the average, one earthquake
each decade with a magnitude greater than 6 in Eastern Canada, and two each
decade with magnitudes greater than 6.5 in Western Canada. Major damage in
the East was also reported from the Cornwall earthquake of 1944, which had a
magnitude of 5.9. When it is recalled that the San Fernando Earthquake of
1971 (magnitude 6.4) caused 58 deaths and over half a billion dollars of
damage, the necessity of establishing earthquake-resistant design regulations
in Canada becomes evident. The mechanism used for this purpose is the
National Building Code of Canada (NBC).

NATIONAL BUILDING CODE OF CANADA (NBC)

In Canada, which is made up of 10 provinces, 2 Districts and the Federal
Government, the responsibility for regulating building safety belongs solely
to the Provinces.. Provincial statutes, in turn, place the responsibility of
regulating building safety on to the municipalities. In the past, each muni
cipality was free to establish its own standards (or codes) and enforce them
as it saw fit. The maze of by-laws that at one time existed across Canada was
labelled as being probably "the greatest obstacle to progress in building" [2].
To overcome this obstacle, work on a National Building Code was started in
1937 and the first code was published in 1941 by the National Research Council
of Canada.

Although the National Building Code is written in code language, it has
no official status until adopted as a by-law by a municipality, and in the
past, the availability of an advisory document did not necessarily reduce the
maze of by-laws and regulations.

Recently, the final step to remove the confusion was taken by some of the
Provinces. For example, in 1974 the Province of Ontario passed a new Building
Code Act, which made the Ontario Building Code (OBC) [3] a regulation under
this Act. Thus OBC applies throughout the Province, is legally binding, and
uses the National Building Code of Canada as its basis for structural regula
tions.
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The National Building Code of Canada is published by the National Re
search Council (NRC) of Canada through its Associate Committee on the
National Building Code (ACNBC). This committee consists of 27 individuals
with 10 members from Government, 16 from Industry, and 1 from a University,
all appointed by the National Research Council of Canada.

The responsibility for the Structural part of the NBC rests with the
Standing Committee on Structural Design. This Standing Committee has 22
members, with 5 members from Government, 11 from Industry, and 6 from the
Universities.

So far as ERCBC is concerned, there are two other national committees
that are of interest. The Canadian National Committee on Earthquake Engineer
1E£ (CANCEE) advises the Standing Committee on Structural Design on all mat
ters related to earthquake resistant design. There are at present 22 members
of CANCEE, with 6 members from the Government, 7 from Industry, and 9 from the
Universities. The CSA/NBC Joint Committee on Reinforced Concrete Design is a
joint Canadian Standards Association (CSA) and National Building Code Commit
tee, responsible for the structural reinforced and prestressed concrete code
provisions. The recommendations of this committee, after approval by the CSA,
becomes a Canadian Standard. The current Standard (CSA A23.3-l973), through
reference to it in the NBC, is part of the NBC of Canada. This Standard is
similar to the American Concrete Institute Code (ACI 318-71). The present
memhership of this committee numbers 14, with 3 members from the Government,
7 from Industry, and 4 from the Universities.

The Standards and Codes formulated by the above committees are circulated
at their final draft stage for public comment. Nevertheless, the recommenda
tions are not published in the literature and hence are not subject to wide
public discussion prior to their publication in final form. This we believe
is the single most serious shortcoming of the present Canadian system.

DEVELOPMENT OF NBC OF CANADA SEISMIC DESIGN PROVISIONS

In order to place into perspective the current seismic provisions of the
National Building Code, we will trace their evolution by briefly describing
the seismic provisions of successive versions of the NBC.

NBC (1941)

The seismic provisions of the first National Building Code of Canada were
based on the concepts presented in the 1937 Uniform Building Code (UBC). The
lateral earthquake force was assumed to act at the centre of gravity of the
structure and to have a magnitude given by a seismic coefficient, which de
pended on the bearing capacity of the soil, times a building weight, which
was taken as the dead load plus one half of the live load.

NBC (1953)

On the basis of earthquake zoning established by the U.S. Coast and Geo
detic Surveys, the second edition of NBC (1953) introduced four earthquake
probability zones. The resulting zoning map (see Figure 1), which remained in
force until 1970, had two main drawbacks: discontinuities existed at some
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zone boundaries (e.g. zone 0 lay next to zone 3 in some locations); and unreal
istically high ratings of risk were assigned to some cities (e.g. Ottawa and
Montreal).

The seismic design provlsl0ns of the 1953 NBC were primarily based on
the 1949 edition of the UBC. The ratio of the seismic base shear to the
building weight (taken as the dead load plus 25% of the design snow load) was
assumed to be a function of the bUilding height, but to be independent of soil
conditions. Figure 2, which will be used to illustrate the evolution of the
Canadian seismic loading provisions, shows the practical range of values for
this 1953 base shear coefficient.

NBC (1960)

The provisions for seismic design of the third edition of NBC (1960) re
mained essentially the same as those of the 1953 edition.

NBC (1965)

In the 1965 Code the seismic base shear coefficient was assumed to be a
function of: (1) the seismic risk zone, (2) the type of construction, (3) the
importance of the building, (4) the soil conditions, and (5) the number of
storeys of the building.

Figure 2 gives the values of the base shear coefficient obtained from the
1965 Code for a ductile moment resisting frame building in zone 3. It can be
seen that the introduction of a factor recognizing the importance of ductility
resulted in a significant lowering of the seismic design base shear for cer
tain types of structures.

While the 1965 NBC adopted the 1955 UBC expression relating base shear to
the number of storeys, it required that this base shear be distributed over
the height of the building in a manner derived from the 1961 edition of UBC.

The 1965 edition was the first NBC Code to include torsional considera
tions in the seismic provisions. These torsional clauses were based on the
then existing Mexican Code and still remain in the 1975 NBC Code.

As an alternative to a simple static analysis the 1965 NBC code permitted
the design loading due to earthquake motion to be determined by a dynamic
analysis "where such an analysis is carried out by a person competent in this
field of work."

NBC (1970) [4]

Based on the work of Milne and Davenport [5] the Canadian seismic zoning
map was completely revised for the fifth edition of the NBC (1970). The 1970
zoning map (see Figure 3) was derived by calculating and contouring the peak
horizontal firm ground acceleration amplitudes that have a probability of ex
ceedance of 0.01 in one year (AlOO)' On the basis of work by Ferahian [6] it
was stated [7] that for typical cities in zone 3 using the 100 year return
period for seismic forces would mean a comparable probability of collapse to
that resulting from the 30 year return period for wind loads used by NBC.
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The probability of earthquake occurrence for a city on the Canadian West Coast
and in an area north of Quebec City was found to be generally comparable to
the probabilities for a city of similar size in California [7].

Seismic zone and seismic zone factors (R) to be used in computing the
base shear were selected as shown in Table I.

TABLE I -SEISMIC ZONES NBC (1970)

Zone R Range of AlOO Zone Description
(% of gravity)

a a 1 > AlOO No damage

1 1 3 > AlOO > 1 Minor damage

2 2 6 > AlOO > 3 Moderate damage

3 4 AlOO > 6 Major damage

It is important to note that, in NBC (1970), although the acceleration
with a 100 year return period (AlOO) was used to draw the boundaries of the
seismic zones, the actual value of AlOO did not enter into the seismic design
force calculations. The minimum lateral seismic force assumed to act non
concurrently in any direction was given as:

v ~ KCIFW (1)

where R Seismic zone factor (0, 1, 2 or 4) as defined in Table I

K Numerical coefficient, depending on construction type,
6 possible types as in UBC (1961)

Fundamental period, taken as 0.05 ~/ID or as O.lN.

Importance factor (1.0 or 1.3)

Foundation factor (1.5 or 1.0)

C 0.05/ 3,IT} 0.10

T

I

F

The range of seismic base shear coefficients which result from the appli
cation of the 1970 NBC rules for ductile frame buildings in zone 3 is shown in
Figure 2. It can be seen that for buildings with fundamental periods less
than about 1.8 seconds the new 1970 provisions once more resulted in a substan
tial lowering of the lateral seismic design forces.

In an attempt to account for higher mode effects the 1970 code required
a portion of the total lateral load to be applied as a concentrated load at
the top of the structure. For the same reason a reduction in the calculated
overturning moment was permitted.

NBC (1975) [8] - Static Load Procedure

As this is the current version of the National Building Code, its seismic
provisions will be described in somewhat more detail.
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Minimum lateral seismic force--In the 1975 Code the minimum lateral
seismic force, V, is specified as:
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V A.S.K.I.F.W. .••••• (2)

A is
question.
respect to
1, 2 and 3

where the terms of this expression are defined as follows:

the assigned horizontal design ground acceleration for the zone in
The values of A, which correspond to the AlOO values discussed with
the 1970 Code, are 0.00, 0.02, 0.04 and 0.08 for seismic zones 0,
respectively.

S is a seismic response factor taken as 0.5/3~but need not be taken as
greater than 1.00.

K is a numerical coefficient reflecting the influence of the type of con
struction on the damping, ductility and/or energy-absorption capacity of the
structure. The numerical values of K for the various types of construction
considered are given in Table II.

It can be seen that while the basic concept of the coefficient K is the
same as that used in the 1976 UBC [9) the classifications and the numerical
values are significantly different. The implications of this table and the
explanatory footnotes that accompany it on the earthquake resistant design of
Canadian reinforced concrete buildings will be discussed later in this report.

I is an importance factor taken as 1.3 for schools and for buildings de
signed for post-disaster services and as 1.0 for all other buildings.

F is a foundation factor accounting for the influence of the soil condi
tions. The values of F are given in Table III.

TABLE III - VALUES OF THE FACTOR F [8]

Type and Depth of Soil/I) F

Rock, dense and very dense coarse-grained soils, very stiff and hard
fine-grained soils; compact coarse-grained soils and firm and stiff
fine-grained soils from 0 to 50 ft deep 1.0

Compact coarse-grained soils, firm and s~iff fine-grained soils with a
depth greater than 50 ft; very loose and loose coarse-grained soils
and very soft and soft fine~grained soils from 0 to 50 ft deep 1.3

Very loose and loose coarse-grained soils, and very soft and soft fine-
grained soils with depths greater than 50 ft 1.5(2)

W is the dead load of the building plus 25% of the design snow load.

The base shears that result from the application of Equation
moment resisting frame buildings in zone 3 are shown in Figure 2.
seen that the 1975 provisions result in base shears 20% less than
by the 1970 Code.

2 to ductile
It can be

those given
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The 20% reduction in base shear resulted from a recommendation by CANCEE
to so reduce the earthquake loads. In fact, the seismic response factor S was
derived so that the term A.S in the 1975 Code would have a value 20% less than
the value of the term RC/4 from the 1970 Code. It is important to realize
that this procedure for determining S means that although the 1975 Code refers
to a "design ground acceleration" the Code does not necessarily require a
building to be designed for a peak horizontal ground acceleration correspond
ing to 1 in 100 probability of annual 'exceedance. The choice of the factor S
related the earthquake risk level to that used in the 1970 Code rather than
directly to the acceleration values.

Distribution of the lateral seismic force--The 1975 Code retained the
1970 requirements for the distribution of the lateral seismic force. These
requirements are essentially the same as those employed in the 1961 edition of
UBC.

Overturning moment reduction coefficient--The concept of an overturning
moment reduction coefficient, J, was retained from the 1970 Code but the values
of this coefficient were made closer to 1.0; whereas in 1970 the coefficient re
duced to about 0 •.6 for .huildings with periods greater than 3 seconds, in 1975
the values for J we.re set as:

J 1.0 if T ~ 0.5 sec.
J 1.1 - 0.2T if 0.5 sec ~ T ~ 1.5 sec
J 0.8 if T ~ 1.5 sec.

Torsional moments--The 1975 Code extended somewhat the torsional require
ments of the 1970 Code by requiring that the design eccentricity at each floor
be computed by whichever of the following two equations produces the greater
effects:

ex 1.5e + 0.05 Dn or

ex 0.5e - 0.05 Dn

where e is the computed eccentricity between the centre of mass and centre of
rigidity and Dn is the plan dimension of the building in the direction of the
computed eccentricity.

In the event that the maximum design eccentricity, ex' exceeds 0.25 Dn ,
the Code requires either that a dynamic analysis be performed or that the
computed adverse effects of torsion be doubled.

Drift limits--The NBC Code states that in order to obtain realistic
values of anticipated lateral deflections of a storey relative to its adjacent
storeys, the values obtained from an elastic analysis should be multiplied by
3. The Commentary [10] on the Code recommends an inter-storey drift limit of
0.005 times the storey height.

NBC (1975) - Dynamic Analysis Approach

In lieu of the design procedure described above the 1975 edition of NBC
permits the design earthquake loading to be determined from a dynamic analy
sis. The details of this approach are given in the Commentary [10] to the
Code.



The Commentary makes clear that the major use of the dynamic approach is
expected to be in the design of "unusual or complex structural configurations
for which the static NBC procedures are necessarily crude." It is stated
that "for regular buildings, the static NBC requirements and the recommended
dynamic procedure should give similar results." It will be demonstrated
later in this report, that this statement is of doubtful validity.

Design ground motions--The characteristics of the design ground motions
are defined in terms of peak ground motion bounds which in turn are linked to
the seismic risk level by way of the peak horizontal ground acceleration cor
responding to 1 in 100 probability of annual exceedance (i.e. AIOO). For a
peak ground acceleration of 1.0 g the corresponding velocity bound is
40 in./sec. (1016 mm/sec.), and the displacement bound is 32 in. (813 rom).
For other values of peak ground acceleration the bounds are scaled linearly.

Design elastic response spectrum--The design average elastic response
spectrum is obtained by multiplying the peak ground motion bounds by multi
pliers which depend on the assumed value of damping. For reinforced and pre
stressed concrete the suggested design value of damping is 5% of critical. For
this value of damping the multipliers for the acceleration, velocity and dis
placement bounds are 3.0, 2.0 and 2.0 respectively. It is stated that these
amplification factors were adapted from Newmark, Blume and Kapur [11] and
Newmark and Hall [12].

Design inelastic response spectrum--To account for inelastic deformation
the average elastic response spectrum is modified by terms depending on the
structural system ductility factor~. The elastic spectral acceleration is
divided by ~ for mo~al p~riods falling in the range of velocity and displace
ment bounds and by 2~-1 for modal periods along the acceleration bound. The
values of ~ for various building types are given in Table IV below.

TABLE IV - VALUES OF STRUCTURAL DUCTILITY FACTORS [10]

Structural
Building Type Ductility

Factor

Ductile moment resisting space frame 4

Combined system of25 per cent ductile moment resisting space frame and
3ductile flexural walls

Ductile reinforced concrete flexural walls 3

Regular reinforced concrete structures, cross-
2braced frame structures and reinforced masonry

Structures having no ductility. plain masonry I

Foundation factors and importance factors--Unless a more detailed analysis
of the influence of soil conditions is carried out considering the propagation
of seismic wave from rock to surface, the average response spectrum must be mul
tiplied by the foundation factors (Table III).

In the absence of a more detailed procedure of adjusting the probability
of exceedance of peak ground acceleration and modifying the acceptable degree
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of plastic deformation, the Importance factors of the static design procedure
are to be used as minimum multipliers to the average response spectrum.

Designforces--The design forces andinterstorey drift are obtained by
taking the square root of the sum of the squares of the effect from each mode.
A further requirement is that the design forces should not be less than the
absolute sum of the effect from any two modes. This last requirement will be
dropped from the forthcoming 1977 edition of the Code.

COMPARISON OF NBC (1975) STATIC, NBC (1975) DYNAMIC
AND UBC (1976) SEISMIC BASE SHEARS

The base shear coefficients obtained from the NBC (1975) static procedure,
the NBC (1975) dynamic procedure and the UBC (1976) procedure for a ductile
moment resisting frame building located in zone 3 are compared in Figure 4.

It can be seen that for buildings with fundamental periods less than about
2 seconds, the NBC static procedure results in seismic base shears smaller than
those obtained from the UBC. Before any conclusions can be drawn from this
comparison it is necessary to know the relative magnitudes of the load factors
used in the two codes.

The National Building Code (1975) includes load factors, load combination
factors and importance factors as part of the limit states design procedure.
However, the present Code for the Design of Conciete Structures for Buildings,
CSA A23.3-l973 [13], was not formulated with these new load factors in mind.
(Work is currently underway [14] to examine the material performance factors
needed to utilize the limit states load factors.) At present load factors for
reinforced concrete structures are given in CSA A23.3 (they are very similar
to the ACI 318-71 [15) values) and the load combination factors are given in
the NBC Code. Thus for the earthquake resistant design of Canadian reinforced
concrete structures the combined load effects that must be considered are
l.4D + 1.8E, 0.75 (1.4D + 1.7L + l.8E) and 0.9D + l.4E.

For the seismic design of a reinforced concrete ductile moment resisting
space frame located in zone 3, the load combinations specified in the UBC are
1.4 (D + L + E) or 0.9D + 1.4E.

Thus both the design seismic base shear and the load factors can be
lower for a building on the Canadian side of the border than for a comparable
building subjected to a presumably comparable seismic risk on the U.S. side of
the border.

Another possible source of concern regarding the Canadian seismic design
provisions is illustrated in Figure 4. It can be deduced from this figure that
according to the 1975 Code, the probability of a reinforced concrete building
at a particular site in Canada being severely damaged or destroyed by an earth
quake depends to some extent on whether it was designed by the static or the
dynamic procedure. A relatively tall building analyzed by the dynamic proce
dure can be designed to resist less than one half of the seismic base shear re
quired for an identical building designed by the static approach.

It is difficult to prove which is the more appropriate level of earth
quake resistance, that corresponding to the dynamic approach or that
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corresponding to the static approach. What is certain is that the static
approach gives results close to the "traditional" level of earthquake resis
tance. (It will be recalled that the S factor in the 1975 static expression
was arranged to give a base shear 80% of that given by the 1970 expressions).
while the dynamic approach relates the earthquake resistance to the peak hori
zontal ground acceleration with a 1 in 100 probability of annual exceedance
(AlOO)·

While it may be reasonable to use the AlOO values to define seismic risk
zones throughout Canada it does not necessarily follow that these values should
be actually used to calculate the seismic design forces. The 1 in 100 proba
bility of annual exceedance means that a structure with a 50 year life will
have about a 40% chance of being subjected to ground accelerations in excess
of AlOO values. Further. the relatively small data base used in the deriva
tion of the AlOO values and the standard errors involved in computation means
that they carry a composite uncertainty up to a factor of about two [16].
Apart from questions regarding the appropriate values for design ground accel
erations it has been argued that the present procedure places far too much
emphasis on peak ground acceleration values to the detriment of other important
ground motion characteristics [I].

Even if it was agreed that it was appropriate to design on the basis of
the AlOO values it must be recognized that the dynamic analysis procedures then
employed to arrive at the design forces are not exact scientific procedures
yielding exact results. Procedures such as that used to modify the elastic
response spectrum to allow for the effects of ductility are far from exact
when applied to structures as complex as a high-rise reinforced concrete build
ing.

The fact that for regular buildings the dynamic procedure did not give
the "similar results" envisaged by the Commentary was a cause for concern.
Some of the implications of the dynamic procedure were made apparent in a re
cent paper by Tso and Bergman [17] and in the resulting discussion by Otani
and Uzumeri [18].

Based on the concept that perhaps it was not wise to stray too far from
the traditional levels of earthquake resistance. the soon to be published 1977
edition of NBC will require that the seismic base shear used in a dynamic anal
ysis procedure not be less than 90% of the base shear obtained from the equi
valent static force procedures of the Code.

SEISMIC DESIGN PROVISIONS OF THE CANADIAN CONCRETE CODE

The current Canadian code regulations for detailing earthquake resistant
reinforced concrete buildings are given in Chapter 19 of the Code for the
Design of Concrete Structures for Buildings. CSA A23.3-1973 [13] and in the
1977 Supplement [19] of this Code.

The first clause of Chapter 19 states that the prov~s~ons of the chapter
"apply to reinforced concrete structures where required or permitted to be de
signed to resist earthquake forces in a ductile manner." A footnote to this
clause informs us that "Seismic coefficients for buildings designed to have
ductile moment resistant space frames and/or ductile fle-xural walls may be
found in the National Building Code ••••• "



The chapter then proceeds to spell out the requirements for the members of
ductile frames and the requirements for ductile flexural walls in addition to
some general requirements.

Requirements for Ductile Frames

When classifying construction in accordance with Table II, the Canadian
designer can consider a reinforced concrete frame to be a "ductile moment re
sisting space frame" if the flexural members, columns and beam-column connec
tions of the frame are detailed in accordance with the requirements of
Chapter 19 of CSA A23.3-l973. These requirements are essentially the same as
the corresponding provisions in Appendix A of ACI Standard 318-71 [15].

Requirements for Ductile Flexural Walls

The guidelines in the Canadian concrete code for the design of "ductile
flexural walls" are more comprehensive than the corresponding provisions of the
ACI Code for "special shear walls". The background to the Canadian regulations
is explained in the Commentary [20] of the Code and in a paper by Allen, Jaeger
and Fenton [21].

High-rise structures which resist lateral loads primarily by reinforced
concrete shear walls are a popular type of construction in Canada. In view of
the excellent performance of well designed shear wall structures in recent
earthquakes, the 1975 Canadian National Building Code permitted reinforced con
crete buildings with shear walls which qualified as "ductile flexural walls" to
be designed with an earthquake K factor of 1.0 (see Table II).

In attempting to present a provision which was easy to understand and
apply, the 1973 CSA concrete code defined a flexural wall primarily in terms of
the overall geometrical proportions of the wall. The equation defining a
flexural wall was derived from the assumption that the top deflection of such a
wall, when analyzed as an elastic cantilever with a horizontal force applied at
the top, due to flexural deformations, should be at least ten times that due to
shear deformations [20].

The inappropriate nature of a rule based on homogeneous, elastic behaviour
for earthquake resistant reinforced concrete walls was pointed out in a 1975
paper by Paulay and Uzumeri [22]. In the 1977 revision [19] of the concrete
code the definition of a flexural wall was changed to read "a reinforced con
crete cast-in-place concrete member acting essentially as a vertical cantilever,
designed and detailed so that inelastic energy dissipation takes place through
flexural yielding."

The Canadian concrete code requires that the amount of vertical reinforce
ment concentrated near each end of ductile flexural walls be determined by cal
culating, (i) the area of tension steel required to resist the factored moments
and axial loads given by elastic analysis, (ii) the area of tension steel re
quired to resist the axial service load and the associated moment required to
crack the wall, and (iii) the area 0.0018 bwd for grade 60 steel or 0.002 bwd
for intermediate or hard grade steel and then taking the largest area required
to satisfy the three requirements. If a plastic hinge is not expected to be
developed in the upper half of the building, then the reinforcement concentrated
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at the ends of the walls may be reduced in this region to an amount given by
0.001 bwd.

The vertical reinforcement near the ends of the walls must be tied in
accordance with the usual requirements for columns except that in the lower
half of the structure, or in regions where plastic hinges are expected to
occur, the spacing of the ties must not exceed eight times the bar diameter
of the vertical reinforcement.

In addition to the concentrated vertical reinforcement, the Code requires
distributed horizontal steel with an area 0.0025 times the cross-sectional
area of the wall and distributed vertical reinforcement with an area 0.0015
times the cross-sectional area. The maximum spacing of this distributed steel
is specified as 12 in. (300 mm) in the lower half of the structure and 18 in.
(450 mm) in the upper half.

In an attempt to ensure adequate shear capacity, the Code requires that
each section of the wall be designed to resist a shear of:

vuc 1.lFV
u

...... (3)

where Vu is the shear obtained from the analysis for the section under consid
eration times the appropriate load factors and F is the ratio of the calculated
flexural capacity at the base of the wall to the factored moment at the base
of the wall obtained from the analysis.

The area of horizontal shear reinforcement required to produce a shear
strength of Vuc is to be determined from the usual expressions for the shear
strength of beams except that in the lower half of the structure or in regions
where plastic hinges are expected, the nominal shear stress taken by the
concrete, vc ' is to be taken as zero.

The maximum allowable nominal shear stress on the wall resultin~rom the
shear Vuc was given in the 1973 Code as 10~ (in MFa this is 0.83 .( f~). As
there was doubt expressed, [23] and [24], about the ability of the concrete to
transmit such high shear stresses across hinge regions subjected to reversed
cyclic loadi~ the 1977 Supplement [19] to the Code reduced this value to
6 III (0.50 .( f~ in MFa).

The design shear, Vuc ' is also used in the specification of the minimum
area of vertical reinforcement which must cross a construction joint. This
area is given as Vuc /(0.85 fy), where fy is the specified yield strength of the
steel.

Apart from the specific detailing provisions described above, the CSA
Code also requires that ductile flexural walls be designed "to have adequate
ductility and energy absorption capacity in accordance with generally accepted
principles." The Commentary [20] on the Code suggests a simple procedure for
satisfying this requirement. While pointing out that system ductility is not
the same as sectional ductility and that procedures for accurately determining
the required ductility of shear walls are not presently available, the Commen
tary goes on to suggest that as an "interim procedure" ductile flexural walls
be designed so that they have a minimum sectional ductility of 3. A critical



examination of this proposed simple procedure is given in the paper by Paulay
and Uzumeri [22].

General Requirements

The general requirements, which may be of interest, given in Chapter 19
of the CSA Code, are listed below.

Non-continuous walls and partitions--Where a wall on a stiff partition
does not continue from storey to storey, the columns supporting the wall or
partition load are required to be designed for the maximum compression or ten
sion and shear forces associated with the moment capacity of the wall or parti
tion together with its gravity load.

Lightweight concrete--In its only reference to lightweight concrete,
Chapter 19 requires that the specified concrete strength, f~, for lightweight
concrete, must not exceed 4,000 psi (28 MPa).

Reinforcing steel--The maximum specified yield strength of reinforcement,
f y , is given as 60,000 psi (414 MPa) and it is required that the tested yield
strength of the steel used not exceed the specified value by more than 18,000
psi (124 MPa).

Foundation capacity--The capacity of foundations and supports of frames
and/or flexural walls is required to be sufficient to develop the total moment
capacity of the frames or walls and the corresponding walls.

Moment capacity of plastic hinges--It is stated that the moment capacity
of plastic hinges can be calculated by the usual provisions given earlier in
the Code for determining the capacity of members subjected to flexure and
axial loads.

Structural elements not part of the ductile lateral load resisting system
--It is recommended that these elements be designed with sufficient strength
and/or ductility so that they can accommodate a deformation three times the
storey drift due to seismic forces (with load factors).

CURRENT USAGE OF THE NBC AND CSA CODES IN ERCBC

The Canadian designer, in deciding on the type of structure to employ in
resisting possible seismic forces, is governed by the provisions of the
National Building Code [8]. If the building is more than 3 storeys in height
and is located in either seismic zone 2 or 3, the Code requires that the build
ing have a structural system as described in Case 1, 2, 3, 4, 5 or 6 of
Table II. In investigating whether a particular reinforced concrete structure
satisfies the requirements of one of these six cases, the engineer is directed,
by the first footnote of Table II, to the NBC Commentaries [10].

It is explained in the Commentaries that in order to be classified as
Case 1, 2, 3 or 4, the reinforced concrete structure must satisfy the special
detailing requirements of Chapter 19 of the CSA Code [13]. The commentary
states that Case 6 applies to structures "without special provisions for duc
tility in the load-carrying system" and goes on to explain that "continuously
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reinforced concrete" as used in the definition of Case 6 "refers to reinforced
concrete conforming to CSA A23.3 Chapters 1 to 18." The commentary also says
"Precast concrete construction may be used in Case 6 provided the reinforcing
is made continuous by means of lapped or welded splices in accordance with
CSA A23.3-l973. The splices are to be encased with cast-in-place concrete."

Thus in designing say a 200 ft. (61 m) high reinforced concrete shear
wall building located in zone 3, the Canadian engineer can either use a K
factor of 1.0 (Case 4) and satisfy all of the requirements for a ductile
flexural wall, or use a K factor of 1.3 (Case 6) and ignore the special seis
mic detailing rules (if the building is more than 200 ft. high and located in
zone 3, the NBC requires K for Case 6 to be increased to 2.0). Similarly, if
he is designing a 200 ft. high reinforced concrete frame building in zone 3,
he can either satisfy all of the expensive detailing provisions of Chapter 19
and use a K factor of 0.7 (Case 1) or detail his building as he would for a
non-seismic region and use a K factor of 1.3 (Case 6). An engineer interested
only in producing the most economical structure will very often choose the
route of higher K factors and less ductile structures.

The fact that the commentary specifically permits precast concrete struc
tures to be classified as Case 6 has resulted in numerous pre-cast buildings
being erected in high seismic risk regions in Canada.

CANADIAN RESEARCH IN ERCBC

While research relevant to the general area of earthquake resistant design
is conducted in some Canadian government departments or divisions (e.g. Depart
ment of Energy, Mines and Resources and the Division of Building Research of
the National Research Council) Canadian research relating specifically to the
seismic performance of reinforced concrete buildings is essentially confined to
the universities.

Structural engineering research in Canadian universities is primarily
funded through the Office of Grants and Scholarships of the National Research
Council of Canada (NRC). Table V lists Civil Engineering faculty members in
Canadian universities who have recently received support from NRC for research
which could be regarded as being related to the earthquake resistant design of
reinforced concrete buildings. Most of the information in Table V was taken
from the 1975-76 "Annual Report on Scholarships and Grants in Aid of Research"
of the National Research Council [25].

The projects listed in Table V received, on average, about $12,000 per
year from NRC. In comparing this level of funding with U.S. figures, it should
be kept in mind that because of Canadian financing arrangements University
overhead and faculty salaries can not be charged against these grants. Further
numerous government scholarships are available to support superior graduate
students.

Further information on the research programmes of many of the investiga
tors listed in Table V can be found in the Proceedings of the Second Canadian
Conference on Earthquake Engineering [26] and in the Proceedings of the Fourth
National Meeting of the ·Universities Council for Earthquake Engineering
Research [27].
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CANADIAN RESEARCH AND DEVELOPMENT NEEDS IN ERCBC

Apart from the challenge of contributing to the advancement of the inter
national state of the art in ERCBC, Canadian research engineers are confronted
with some specific problems which arise from the present Canadian seismic de
sign philosophy and code rules.

The Commentaries [10] on the National Building Code summarize the Cana
dian earthquake-resistant design philosophy in the following manner:

"The earthquake-resistant design requirements of the
Nati~nal Building Code of Canada 1975 provide minimum
standards which assure an acceptable level of public
safety by designing to prevent major failure and loss
of l~fe. Structures designed in conformance with its
provisions should be able to resist moderate earthquakes
without significant damage, and resist major earthquakes
without collapse. For the purpose of this section,
collapse is defined as that state which exists when exit
of occupants from the building has become impossible
because of failure of the primary structure."

Before this design philosophy, which is generally accepted, can be used
to derive specific design criteria, answers are needed to the following
general questions:

A) For the various regions of Canada what are the ground motion
characteristics of "moderate" and "major" earthquakes? Do
they correspond to 50 year, 100 year, 200 year or 400 year
return period earthquakes?

B) What is the desired performance of buildings when they are
subjected to these various earthquakes?

C) What are the specific structural design criteria needed to
ensure that structures achieve the desired level of performance?

A more detailed listing of some of the Canadian problems, and hence re
search needs, which result from trying to answer these three general questions
in the context of ERCBC is presented below.

1. Use of 100 Year Peak Ground Acceleration

The work of Milne and Davenport [5] and the ongoing work by the Depart
ment of Energy, Mines and Resources (EMR) of the Government of Canada [1] [16]
attempts to qu~ntify for the use of engineers the characteristics of various
return period earthquakes. Based on this work, tables of peak horizontal
ground acceleration at various localities for different probabilities of an
nual exceedance are given in the Commentaries [10] to the Code. Further, it
is stated that other probabilities of exceedance for any site in Canada can
be obtained from EMR.

Table VI, which lists peak ground accelerations with 0.01 and 0.005 pro
bability of annual exceedance for some Canadian and U.S. localities, may
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assist the participants of the workshop in calibrating Canadian practice. The
0.01 and 0.005 values are also called the "lOO-year" (AlOO) and "200-year" (AZOO)
acceleration levels.

TABLE VI - PEAK GROUND ACCELERATIONS [7] [10]

Locality

La Malbaie
Quebec City
Montreal
Ottawa
Toronto
Vancouver
Victoria
San Francisco
Los Angeles
San Diego

AlOO (% gravity)

49.5
7.1
3.6
4.8
2.7
8.0

11.1
20.5
16.0
11.0

A200 (% gravity)

114.0
12.4

5.6
7.9
4.5

16.9
23.4
50.0
34.0
20.5

FIGURE 5: COMPARISON FOR STATISTICAL
PROPERTIES OF WIND AND

EARTHQUAKE LOADING
[27] [(i]
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The Code [8] requirement that the AIOO value be used as the assigned hor
izontal design ground acceleration in the dynamic analysis approach would seem
to imply that the 100 year earthquake is the "major earthquake" which the
structure must resist without collapse. When it is recognized that a bUilding
with a 50 year life has about a 40% chance of experiencing ground accelerations
greater than AlOO and about a 20% chance of experiencing ground accelerations
mOre than twice as great as AIDa' then serious doubts are raised about the
choice of AIOO as a design basis.

Part of the rationale for
the choice of the 100 year earth
quake was the apparently compar
able effects of the "100 year"
acceleration level and the
"30 year" wind speed employed
elsewhere in the Code [6].
Figure 5, which is reproduced
from a paper by Rainer [27],
illustrates some of the diffi
culties involved in comparing
wind loads and seismic loads.
The magnitude of the "30 year"
wind load appears to be a large
fraction of the maximum possible
wind load. That is, if we
visualize extrapolating the plot
to say 400 years, the wind load
would only exceed the design
value by about 60%. The 100 year
seis~c load, on the other hand,
is only a small fraction of maxi
mum possible seismic load. Extra
polating the plot to 400 years
would seem to indicate a seismic
load more than 300% in excess of
the design load.
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It would seem that more work is required before an acceptable definition
of what constitutes a "major earthquake" can be obtained.

2. Structures with Low Ductility in High Seismic Risk Zones

The fact that the Canadian Code [8] permits concrete structures with only
"nominal ductility" to be constructed in high seismic risk zones raises a
number of questions that need further study.

- Does increasing K from 1.0 to 1.3 provide shear wall structures having
no special detailing provisions with the same ability to "survive"
earthquakes as that of the ductile flexural wall structures?

- Does a reinforced concrete frame which has no special joint reinforce
ment and which only has nominal ties in the columns have a reasonable
chance of "surviving" a major earthquake if it has been designed to be
strong enough to resist a lateral force corresponding to a K value of
1.3?

Will precast concrete structures or flat plate structures designed to
resist a lateral force corresponding to a K value of 1. 3 "survive" a
major earthquake?

It would seem to the writers of this report that because of the difficulty
in accurately predicting the actual magnitude of possible earthquakes in
zone 3 concrete structures with only "nominal ductility" should not be con
structed in such zones.

3. Protection of Post-Disaster Service Buildings

As stated in the Commentaries [10] to the Code, "some structures are de
signed for essential public services and it is imperative that these struc
tures be operative after an earthquake." In an attempt to achieve this objec
tive, the Code requires that the design earthquake force for such structures
be increased by a factor of 1.3.

At first sight increasing the design earthquake forces by 1. 3 would seem
to be comparable to the specified practice for wind which is to use a 100 year
wind for buildings required for post-disaster services rather than the usual
30 year design wind. As can be seen from Figure 5, the 100 year wind force is
about 1.3 times the 30 year wind force. For wind lqading, increasing the de
sign force by a factor of 1.3 reduces the chance of an essential building
experiencing a greater than designed for load to about 30% of that of a normal
building. For seismic loads, on the other hand, increasing the design force
by a factor of 1.3 only reduces the chance of overload for essential struc
tures to about 75% of the chance for normal buildings.

Increasing the design force by 30% will presumably decrease the ductility
demand by about the same amount. For a reinforced concrete frame building the
remaining ductility demand will still result in very substantial inelastic de
formations during a major earthquake. Will such deformations render the struc
ture, or the essential equipment housed therein, inoperative? In order to pro
tect essential buildings will it be necessary to establish specific accelera
tion, displacement and velocity limitations for such structures?



4. Comparison of Static and Dynamic Design Procedures

The fact that the static and dynamic procedures of the Code [8) do ,not
give the "similar results" for "regular buildings" predicted by the Connnen
taries [10) has caused considerable concern to a number of designers.

For structures with long periods the dynamic procedure predicts much
smaller base shears than the static procedure while for short period struc
tures the reverse is true (see Fig. 4). Though tl,e forthcoming 1977 NBC re
vision will remove some of the possible effects of this inconsistency (it will
require that the base shear from the dynamic analysis not be taken as less than
90% of the base shear from the static analysis) much more work is needed to
develop rational procedures which will not display such inconsistencies.

As it has been agreed that the dynamic base shears for long period struc
tures are too low, does it follow that the static base shears for short period
structures are too low? In other words, are short period structures designed
by the static approach more susceptible to earthquake damage than long period
structures designed by the static approach?

5. Period EstimatiOn and Design Seismic Force

The seismic design force used in the static procedure of the Canadian
Code (8] is assumed to be a function of the fundamental period of the structure,
T. Empirical expressions are given to evaluate the period but it is stated
that "where technical data proves otherwise" the designer may use other values
for the period. The Connnentaries [10] make clear that what is required is to
"determine the period T for a structure by more refined methods of calculation."

A dynamic analysis of a skeletal structure usually results in estimating
a longer period for the structure than that given by the empirical formulae.
The longer period would mean that the structure could be designed for a smaller
seismic force (a 20% reduction would be typical). Is such a reduction of
seismic design forces justifiable?

Should the base shear coefficients be related to the initial stiffness
(including the effects of non-structural elements), the uncracked stiffness of
the skeletal structure, or to the effective stiffness of the yielding structure1

6. Required Shear Capacity of Ductile Flexural Walls

The current Canadian concrete code [13] requires a ductile flexural wall
to be designed to resist a shear of 1.lF times greater than the shear obtained
from analysis. The term F is a scaling factor which increases the predicted
shears and moments such that the moment at the base of the wall equals the
calculated flexural capacity of the wall. As the actual flexural capacity of
the wall might be considerably greater than the calculated value (strain
hardening of the steel and probable material overstrengths are not considered
in the suggested calculation procedures) and as the actual ratio of shear to
moment that occurs in the wall might be much higher than the predicted ratio
(Bertero et al [281 have demonstrated that the actual ViM ratio can be more
than 60% greater than the code predicted ratio) it seems certain that a factor
larger than 1.1 should be used to determine the required shear capacity. Work

161
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is needed to determine an appropriate expression for the needed shear capa
city.

7. Use of Lightweight Concrete in DuctileSttuctures

By specifying a maximum compressive strength for lightweight concrete
Chapter 19 of the Canadian concrete code [13] permits the use of lightweight
concrete in the construction of ductile space frames and ductile flexural walls.
It seems unlikely that the only precaution needed when using lightweight con
crete is to keep f~ below 4000 psi (28 MPa). Work is needed to understand the
behaviour of lightweight aggregate concrete members subjected to load reversals
and to investigate what modifications need to be made to the detailing rules
for ductile space frames and ductile flexural walls to ensure that these rules
work equally well for lightweight concrete.

8. Yield Strength of Reinforcing Steel

The Canadian concrete code [13] requires that the yield strength of steel
used in structures designed according to Chapter 19 should not exceed the speci
fied strength by more than 18 ksi (124 MPa). Evidently the only grades of
Canadian steel that have any chance of being reasonably close to the specified
strengths are Grade 40 and Grade 60 (Grade 50 seems to be a "catch all" steel
with great variations in its mechanical properties) and even for these grades
the steel producers claim that the 18 ksi limit cannot be met.

Figure 6(a), which is reproduced from a private communication by
J.G. MacGregor [29], shows the yield strength distribution obtained from 249
tests of Canadian and u.S. Grade 40 bars, #3 to #11 in size. The mean yield
strength is 48.8 ksi and the standard deviation is 5.2 ksi. Figure 6(b) (also
from MacGregor) shows a similar distribution from 273 mill tests of Grade 60
bars. The mean yield strength from this distribution is 71 ksi and the stan
dard deviation is 6.6 ksi.

It can be seen from Figure 6 that there are difficulties in meeting the
18 ksi limit and that there would be even more difficulties in meeting a pro
posed upper limit of 1.25 £Y.

In this regard, it is of interest to note that a new Canadian grade of
weldable bar (G30-16M) is now proposed. This grade will have a specified
yield of 400 MPa (58 ksi) and a specified maximum yield strength of 540 MPa
(78 ksi). That is the maximum yield strength will be 1.35 fy or 140 MPa
(20 ksi) above the specified yield.

Further work is needed to produce workable specifications for the allow
able range of yield strengths to be used in ERCBC and to study the effects of
changing these specifications on the detailing requirements for ductile struc
tures.

9. Limit States Design and ERCBC

Work will be needed to study the implications for the earthquake resis
tant design of reinforced concrete buildings of going to the limit state de
sign philosophy of the Canadian Code [8].
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For example, if the role of the load factor is to account for the possi
bility that the actual load may exceed the design load, then is it reasonable
to use the same factor, 1.5, for wind loads and for earthquake loads? For
wind loads (see Fig. 5) it may be very unlikely that the actual load will be
greater than 1.5 times the "30 year" design load but for earthquakes the
chances are much higher that the actual "load" will exceed 1.5 times the
"100 year" design "load". How will the concept of ductility be fitted in to
the limit state design?

10. Compatibility of Canadian and U.S. Practice in ERCBC

When the Canadian and U.S. seismic zoning maps for border regions are
compared, some marked differences are evident. While it would be interesting
to hear seismologists explain the rationale behind these differences, as
structural engineers what is of more concern to us is that similar adjacent
buildings located on either side of the border should have probabilities of
failure consistent with the design philosophy of each country. It is conceiv
able that Canada may accept a different probability of failure for a building
in Niagara Falls, Ontario, than for its identical twin in Niagara Falls,
New York. This may be due to different social priorities or risk taking
philosophies. However, what is desirable is that this difference is the re
sult of conscious decisions.

The development of some bench mark buildings to calibrate Canadian and
U.S. design provisions would be very useful. Some preliminary discussions on
this needed work has already taken place between CANCEE and the Applied Tech
nology Council. Furthermore, CANCEE is proceeding to establish a number of
Canadian bench mark structures which can be used to test various code change
proposals and to calibrate existing code procedures [30].

CONCLUSIONS

While the art of designing and constructing earthquake-resistant rein
forced concrete buildings was greatly improved in Canada over the last 20 years
there are still a number of areas in which concern can be expressed (e.g. non
ductile structures in zone 3, survival of essential structures, choice of the
100 year earthquake). The question of whether these possible deficiencies in
design practice result in reinforced concrete structures possessing inadequate
seismic resistance can be answered in one of two ways. We can either wait for
a major earthquake, or try to answer the question by means of co-ordinated
analytical and experimental research.

Further research will hopefully advance the state-of-the-art to the point
where code committees will be able to write logical, comprehensive and simple
rules for the design of ERCBC. However, on the way to this stage code writing
authorities must resist the temptation to rationalize separately the various
component parts of the seismic design procedure. What must always be kept in
mind is the effect of a particular change on the final completed structure.

"Correcting", or making "more precise", a few of the parts of the tradi
tional procedure for seismic design without evaluating the effects of the
changes on the total design may be counter productive.
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1 - INTRODUCTION

Reinforced concrete building construction should be viewed as a
whole. Earthquake-resistant deSign should be one part of the who I e
compatible with the other parts. The fundamental concepts of reinforced
concrete building construction should be the same as other types 0 f
construction.

In Europe,due to the joint effort of several international associations,
a system of unified standard codes of practice for structures is at an
advanced stage of preparation. This system consists of a set of volumes.

Volume I [1], prepared by the Joint -Committee on S t r u c t u r a I
Safety, presents common unified rules for different types of construction
and material. It is the aim of this volume to formulate and to implement
modern concepts of structural safety. It represents a stage of progress
which gives a firm support to specific design rules within the framework
of the unified rules. Its adoption shall create the desirable unity of basic
concepts to be followed in the different codes.

Volume II [2] , prepared by the Euro-International Committee for
Concrete, CEB, presents a code of practice for the design and execution
of concrete structures. It consists of a set of rules summarizing present
knowledge on structural behaviour of reinforced and prestressed concrete
elements and structures. It extensively covers behaviour under monotonic
loading, makes some reference to fatigue problems but ommits repeated
loading of the type related to earthquake-resistant design.

Volume III [3] ' prepared by the European Convention for Cons
tructional Steelwork, covers the design and execution of steel structures.

Volume IV deals with mixed reinforced-steel structures and is in
preparation by a Joint-Committee appointed for this purpose.

Volume V, on Masonry Structures, and Volume VI on Timber



Structures are being drafted by CIB working commissions.

In all these documents the problem of earthquake-resistant design
is almost neglected. Appendix III of Volume I which presents methodolo
gies for the definition of variable actions dedicates so m eve ry brief
comments to seismic actions.

In Volume II leave is given to consider s e ism i c actions as a
variable loading, to be combined in the usual way with other types of
loadings, or as an accidental loading. In both cases no detailed design
rules are given. However the CEB has for several occasions expressed
the intention to deal with problems of earthquake-resistant design in the
near future.

A different approach to these problems is followed by the European
Committee for Earthquake Engineering. It created a Working Group 0 n
Unification of European Countries' Cades which drafted a Unified European
Code for seismic design in seismic regions [4 J . This draft is of the
traditional type. As usual in earthquake resistant regulations it adopts
the concept of seismic coefficient, and by splitting it into several para
meters takes into account different situations and influences. There is
no specific part dealing with reinforced concrete design. The Intern
ational Federation for Prestressing, FIP, also has been concerned with
seismic regulations and published the draft of a general codeon the
subject [5J .

The present situation concerning earthquake resistant regulations
in European countries is analogous to the situation in countries of other
regions [6Jand[7] . European countries try to improve their codes on
a national basis; there is not much international cooperation. There is
little coordination between earthquake-resistant regulations and design
codes that do not deal with seismic actions. The definition of seismicity
and of seismic actions does not benefit from recent advances in these
fields. The problems of combination of actions, definition 0 f 1i mit 
-states, behaviour and repeated loading are nqt treated in a rational
ways. Design and execution specifications do not make full use 0 f
existing knowledge. There is much to be done which by no means is
peculiar to Europe. International cooperation on a world-wide basis is
a need no longer hindered by distance.

Although there is much to be done, it should be recognized that
earthquake-resistant regulations as they exist have played and are
playing a very important r61e in the saving of lives and in the reducing
of damage all over the world.

If can be argued what is more important: to implement and to enforce
existing regulations or to improve them. However these two problems
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have little in common. The best solution is to motivate the bodies res
ponsible for these two types of actions to operate in the most efficient
way in both fields.

Points of view are expressed concerning the improvements needed
in the definition of basic concepts and in the design of reinforced con
crete buildings.

2 - IDEALIZATION OF SEISMIC ACTIONS'

2.1 - General - Nowadays it is unnecessary to justify the use of prot>
abilistic formulations in structural codes. Basic variables representing
actions, dimensions and mechanical properties should be considered as
random variables.

One of the aims of the Joint-Committee on Structural Safety consists
in improving the definition of actions. For this purpose it has published
a set of basic notes on actions [8J which include not only a basic me
thodology but also specify idealizations of the most important types 0 f
loadings: dead load of concrete structures; superimposed loadings in
dwellings, office buildings, retail premises and car p'arkings; s now
loads on roofs; wind velocities and seismic vibrations.

Idealizations of seismic actions used at present in most co de s
deserve much criticism. Even the most advanced ones do not have a
sound probabilistic basis. This criticism does not mean t hat codes
should be more involved than they are. It is accepted that in us u a I
situations seismic actions may by represented by s e ism i c factors
defined in a global way. What is imperative it that the seismic factors
be a convenient representation of real seismic actions, it being stated
under which assumptions they are derived and within what limits they
should be applied.

Elastic response spectra are a powerfull concept directly related
to the seismic vibrations. However, its field of application is a Iso
limited. The present tendency to generalize them by defining inelastic
response spectra [9J is not the only way to deal with the problem. In
elastic response spectra give a remote idealization of soil vibrations.

In the basic note on seismic vibrations [8] the basic variables which
represent earthquake actions are obtained by combining two idealizations:
one dealing with the occurrence of earthquakes, the other concerning
the description of seismic vibrations.

The convenience of splitting the idealization of the occurrence of
earthquakes and the idealization of their description imposes a lin k
between the two idealizations. This link may be expressed by one 0 r
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more measures of intensity. It is not imperative to fix a single measure.
The most important thing is to be able to relate the different measures,
to understand their meanings, and to judge the convenience of their use.

2.2 - Earthquake intensity - In modern seismology the wave radiating
from the source of an. earthquake is described by parameters s u c h as
moment, length and stress drop [10] . However, the different types 0 f
magnitude are still the most usual measure of the energy content of eartlJ.
quakes.

At a given location distinction should be made between bed roc k
seismic vibration and vibrations at the surface. In this way it becomes
easier to relate the parameters which describe the earthquake at the
source and the earthquake at a given location.

All these concepts were dealt with by more than one hundred papers
presented in topic 2 (Ground motion, seismicity, seismic risk and zoning)
at the Sixth World Conference on Earthquake Engineering. Cornell in his
summary of the papers [11] emphasizes the need to have a single scalar
parameter to define the strength of a motion. It is often indicated by
some authors that this parameter should measure the damage done to
structures by earthquakes.

This aim is not fundamental and it cannot be satisfactorily reached
due to the diversity of structures. In the present context the need to
define earthquake intensity derives from the need to link occurrence and
descriptive models.

For the said purpose any parameter measuring the power content
of the most intense part of the accelerogram would be satisfactory. Under
simple assumptions this power content can be related to the peak acceler
ation. Consequently, it is suggested that earthquake intertsity be eX"
pressed by a nominal value of the peak acceleration. The determination
of this nominal value should be discussed in detail to take into account:
instrumental corrections; three dimensional aspects of the vibration;
correlations with other parameters, such as, Housner or Arya's in
tensities, ordinates of Fourier spectra and the integral of the power
spectral density of acceleration. This last combination is particularly
important and simple.

Assuming the seismic vibration to be a sample 0 f a stationary
Gaussian process of power spectrum S (f), the mean of the peak values
of acceleration (for different samples) is given by

a = fl J~(JJ S (f) df

171



172

where fl is a parameter which de:eends relatively little on the duration.
For a duration of 30 sec fl "" JIO L8] . For other durations the values
of fl can be easily deduced [12J .

Studies leading to a standardization of the instrumental definition of
intensity are strongly recommended. These studies should be complemented
by the definition of correlations too the r instrumental and subjective
scales used at present and in the past.

2.3 - Occurrence of earthquakes - Seismic recording at a site allows
to determine the maximum peak accelerations which occur e a c h year.
This information can be complemented by deriving peak accelerations
from observed magnitudes and location of sources of past earthquakes,
magnitudes being transformed into peak accelerations by means of atteny
ation formulae. Intensity of earthquakes measured by subjective scales
can further be introduced and combined with geological and geotechnical
data. Finally generation models are also useful in deriving the prob
ability distribution of maximum annual values of peak accelerations.

The annual extremes of magnitudes in a region being represented
by an extreme probability distribution of Type I leads to probability dis
tributions of maximum annual values of peak accelerations of Type II
[13] . Fig. 1 shows the Type II distribution

F II (a) = exp (-(kaf fJ ) .•....•....• 2)

with fJ = 2 . The exponent fJ = 2 applies in several regions of the world.

Experimental data and physical considerations justify a tendency
towards truncature of the probability distribution of annual extremes in
its upper tail. This upper tail is particularly important for des i g n
purposes if a reference period of the order of 50 years is adopted.

To estimate the peak acceleration value which corresponds to a
return period of 50 years, it is acceptable to use the fitting for a Type
II distribution. This is no longer the case when estimating maxima in
50 years.

The solution which is suggested, Fig. 1, consists of substituting
above the 0.98 fractile the Type II distribution of annual maxima by a
Type I distribution:

F
I

(a) = exp (- exp (- 0( (a - u))) .•...•••••. 3)

The condition of both distributions Type I and Type II being tangent
at the 0.98 fractile is imposed.
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Fig. 1 - Probability distributions of maximum peak
accelerations in 1 and 50 years.

Under these assumptions the distribution of maximum accelerations
in 50 years can be easily obtained. Near and above the mean value this
distribution is well represented by a Type I extreme distribution wit h
the mean value a = 1.3 aO.

98
and the coefficient of variation 0.5.

The solution adopted is controversial. There is very litle inform
ation allowing to estimate the type of distribution of extremes in 50 years
and its coefficient of variation. However the consequences 0 n des i g n
which derive from these assumptions are important.

Studie.s leading to improved definition of the probability distributions
of extreme values of peak accelerations in periods of 50 years are stron,g
ly recommended. Further studies on the idealization of the occurrence of
earthquakes may also be useful particularly if the yare carried out
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bearing in mind the needs of the probabilistic methods of structural
design.

2.4 - Idealization of seismic vibrations - To idealize seismic vibrations
it seems necessary to distinguish between descriptive and design models.
The aims to be attained by these two types of models are different. Des
criptive models should idealize the vibrations in order that the funda-
mental features of one occurrence are kept. On the contrary des i g n
models shall be chosen in a pragmatic way. Structures des i g ned 0 n
basis of design models will behave on an optimal way under a set 0 f
possible circumstances.

For an earthquake defined by its source parameters it is not yet
possible to obtain univoque descriptive models of the vibration in the near
and far fields.

An overall appreciation of existing records in epicentral regions [14J
shows two main types of shocks: i) shocks which include ado min ant
cycle, ii) shocks which do not include a dominant cycle.

A large percentage of far field accelerograms and many near field
ones do not include a dominant cycle. In this case the convenient des
criptive model should be based on random vibrations. Most refined models
consider the random vibration as non-stationary, both in intensity [15J
and in frequency content.

The far field accelerograms of the Romanian earthquake of March
1977 shows in one of its components a single cycle whose amplitude is
about three times the amplitude of the most intense part of the vibration.
Accelerograms of similar type have been recorded in several 0 the r
circumstances.

For simplifying the design process it would be convenient to adopt a
single type of design model. It is not yet clear if this model should be
of the single cycle type or random vibrations of different durations.

The basic note on actions dealing with seismic vibrations [8J re
presents bedrock and surface vibrations by a stationary Gaussian process
of 30 second duration and zero mean value of acceleration. Ace 0 r din g
to the types of soil, the power spectral densities of acceleration S (f)
take the shapes indicated in Fig. 2.

The shapes of these power spectra were selected taking into account
that they should be used as design spectra and not as descriptive models.
Descriptive models should have had a shape closer to that of the transfer
function of a one degree-of-freedom oscillator.
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Fig. 2 - Shapes of power spectral densities of acceleration.

As indicated in [16] it is possible to compute the response spectra
which corresponds to the power spectra represented in Fig. 2. Fig. 3
s how s these response spectra when a bedrock maximum acceleration
a = 100 gal and a fraction of critical damping fl = O. 05 are adopted.

Fig. 3 - Response spectra for a = 100 gal and fl =0.05
which correspond to the power spectra indicated
in Fig. 2.
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The programs available at LNEC also make it possible to transform
response spectra into power spectra.

The above considerations refer to horizontal vibrations in 0 n e
direction. Idealization of vertical and rotational components and cor
relations in time and space should have been studied.

The most convenient methodology to idealize seismic vibrations is
an involved problem which should be solved by a cooperative work 0 f
those directly interested in the problem. This task should be fulfilled
having in mind the fundamental concepts of probabilistic des i g n 0 f
structures.

3 - FORMULATION OF STRUCTURAL SAFETY

3.1 - Definition of limit states - The Common Unified Rules for
Different Types of Construction and Material [1J , classify limit states
in two categories:

a) the ultimate limit states;
b) the serviceability limit states.

It is mentioned that ultimate limit states may be reached due to:
loss of equilibrium; rupture of critical sections of the structure 0 r
excessive deformation; transformation of the structure into a mechanism;
buckling; fatigue. The pertinence of this classification is questionable.
However, it emphasizes different aspects of failure.

To obtain a rational design it is particularly important to discuss
how ultimate limit states are reached under seismic actions.

Consider the simplest case of a reinforced concrete column, Fig. 4.
Under alternative cycles of horizontal displacements applied at the top,

~N
-d +d

-d

+F

-F
Fig. 4 - Reinforced concrete column under alternative

repeated cycles of imposed displacement.



the column behaves as indicated in the figure. The ultimate limit state
is attained when the rotation capacity of the column is reached, t his
corresponds to an ultimate displacement, d •

u

In the above case to define the ultimate limit state it is necessary
to define ultimate displacements and not ultimate forces. The values of
F are only auxilliary and could be omitted. In this simple case the
checking of safety for seismic actions should be carried out by comparing
ultimate displacements and the maximal displacements produced by the
seismic vibrations. It is meaningless to speak about resisting and acting
forces.

On the contrary, a bridge beam fails when the load of the t rue k
which crosses it exceeds the ultimate force that the beam can resist. In
this case the checking of safety should be carried out comparing the
ultimate forces and the maximal forces applied by the truck.

Usual situations are much more complex than the two simple cases
indicated above. Permanent loads and variable actions of different nature
combine and act simultaneously. Limit states are not reached un d era
monotonic variation of the actions but under repeated variable c y c I e s .
Damage (or utility) varies continuously as a function of the intensity of
the actions and can only be expressed approximately by discrete limit
states.

Failure criteria in Earthquake Engineering are discussed by Bertero
and Bressler [17J in a contribution to a panel discussion at the VI World
Conference in Earthquake Engineering. In this paper the concept damag~
ability limit state is introduced. A classification is presented 0 f the
principal ways along which ultimate limit states are reached.

The phenomena associated with variable repeated excitations are
classified as: long-endurance fatigue; low-cycle fatigue and incremental
collapse, the two last ones being of particular interest fo r s e ism i c
actions. It is indicated that the real danger in low-cycle fatigue is not
fracture of the structural material but deterioration of the stiffness.

The point of view seems to oversimplify the problem. Under va
riable repeated actions ultimate limit states may be reached under as
large variety of circumstances: limit deformability of steel in tension,
crushing of concrete, buckling of longitudinal bars, failure of transverse
bars, deterioration of bond, change of geometry of the structure, 10 c a I
and overall buckling, etc.

These different phenomena should be analysed and understood. The
information gathered by testing complex structures, elements and con
nections, although valuable, will never be sufficient to understand the
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seismic behaviour of concrete structures.

3.2 - Theorization of structural concrete - A satisfactory understand
ing of the behaviour of structural concrete will only be obtained by a
theoretical support which allows to forecast the main features of t his
behaviour. The basic information for this theory shall derive f:r;om the
idealization of the mechanical properties of concrete and steel un d e r
variable repeated loading [18J . Furthermore, bond between steel and
concrete plays an important r61e in the overall behaviour of reinforced
concrete members. A large variety of phenomena, such as adherence,
friction, identation and pulling out is included under the general terms
of bond. The basic aspects of all the phenomena should be investigated.

The behaviour of steel bars is influenced by the surrounding con
crete both in tension and in compression. An understanding 0 f t his
behaviour is necessary for deriving the behaviour of more compIe x
elements.

A simple bar surrounded by concrete presents in tension a complex
behaviour which is idealized in Fig. 5. For monotonic loading the stages:
non-cracked, non-stabilized cracking, stabilized cracking and yielding
are identified. Under variable repeated loading the paths indicated by
arrows are followed.

An analogous situation occurs in elements under compression formed
by: concrete core, concrete cover, longitudinal and transverse bar s,
Fig. 6. In this case the overall behaviour can be obtained by associating
in parallel the behaviours of the core, of the cover and of the longitudinal
bars.

Other models have been derived to explain the behaviour in shear,
torsion, bond and combined load-effects. These theoretical models should
describe the relationships between load-effects and generalized dis
placements and allow to obtain the ultimate deformability of elements and
structures, both in monotonic loading and in alternative repeated cycles.

A further difficulty derives from the fact that the ultimate resist
ance to a component (e.g. axial force) is often reduced by large alter!}
ative repeated cycles of other component (e.g. bending). Consequently
it is necessary not only to check the ultimate deformability of the
structure but also its carrying capacity at the deformed state. T his
influence may be amplified by the P-.i effect.

3.3 - Seismic response - A very large percentage of earthquake en
gineering studies deals with the response of structures acted on by seismic
vibrations. The vibrations being idealized by stochastic processes, the
quantities which describe the response are random variables. The
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Fig. 5 - Force-strain relationship for steel bar embedded in
concrete under repeated tension.

extreme values of the response are well idealized by extreme distributions.
Probabilistic studies on structural response should conclude by presenting
the type and the parameters of the extreme distributions of the response.

However, this is not enough for a rational probabilistic des i g n.
Usual design rules consist in limiting the probability of at t a i n in g ul
timate limit states during a reference interval of time. To be able to
compute this probability it is necessary to compute first the convolution
of the distribution of occurrence of earthquakes and of the distribution of
extreme response [19] . In this way the probability of attaining a given
response in a reference interval of time is obtained.

As indicated in 2.3) the coefficient of variation of the extreme peak
acceleration in 50 years is about 0.5. The coefficient of variation 0 f
structural response very much depends on the duration of the earthquake,
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Fig. 6 - Force-strain relationship for reinforced concrete
column under repeated compression.

the amount of non-linear behaviour and on the natural frequency of the
structure. As shown by Murakami and Penzien [9] the coefficient of va
riation of linear response inc reases from 0.1 to 0.5 as the duration of
the earthquake decreases from 30 to 0.5 second. I n non - linear be
haviour' coefficients of variation even higher than 1.0 may be reached
in particular for structures of high natural frequency (in the range 0 f
5 to 10 Hz).

Consequently, the distributions of the extreme values of the response
during 50 years shall always present very high coefficients of variation,
which are considerably higher than for any other usual type of loading.
This fact has important effects in practical design.

3.4 - Safety checking - The general rule for safety checking consists
in verifying if the probability of surpassing a given limit state during a
reference interval of time is sufficiently small. This checking may be
performed in different spaces of variables: the space of basic variables



(input-space), the space used to define the limit state (output-space) 0 r
any other space of variables obtained from a transformation of the two
(state-space) [20J .

The space where it is most convenient to operate depends on the
type of problem to be solved. This question deserves particular attention
in earthquake engineering due to the fact that direct loads and imposed
variable deformations act simultaneously.

Imposed deformations being paramount, the limit states should be
expressed by ultimate displacements. Consequently, it would be advisable
to carry out the safety checking in a space which would include generalized
displacements as variables. The safety checking would consist in com
paring extreme displacements due to earthquakes to ultimate displacements
(limit states), both defined in probabilistic terms.

The main difficulty to proceed along these lines derives from the
scarce information on limit-state displacements, reached both in mono
tonic and repeated loading. This is the problem about which existing iQ
formation is more unsatisfactory and one of those on which research
should concentrate. Without this information a full rational probabilistic
design cannot be established. The introduction of the concept of ductility
factor is a deviation with many drawbacks.

It is to be expected that the distributions of limit-state displace
ments present coefficients of variation much higher than those of limit
-state load effects. Consequently, both the coefficients of variation 0 f
the response and of the limit-states shall be very high as compared to
the usual ones.

In terms of displacements, the probability of reaching a limit-state
is obtained by computing the convolution integral of the distributions 0 f
response and limit-state displacements. In practice this may be simplified
in Level 2 and Level 3 methods by checking a reliability index or im
posing partial factors of safety, respectively [1] .

Typical results of this basic problem [19J show that when combining
extreme distributions of high coefficient of variation it is uneconomical
to obtain probabilities of failure smaller than about 10-3 • Therefore,
in seismic zones usual values of the probability of failure of the order
of magnitude of 10- 5 to 10- 6 are difficult to implement.

Studies to quantify the seismic risk which corresponds to present
building techniques and to indicate which changes should be introduced in
order to get satisfactory protection against earthquakes are highly re
commended.
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4 - CONCLUSIONS

Structural design should take full advantage of a perfect link of
basic concepts and information in all their pertinent aspects. This aim
may only be reached by a world-wide cooperative work in the different
fields.

Much progress has been achieved recently. However, practice has
benefitted little from all this progress.

Points of view on the directions along which research should proceed
were indicated. It is recognized that several important subjects we r e
omitted, particularly those dealing with execution and control.
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INTRODUCTION

In the long history of earthquake resistant design of reinforced con
crete building structures in Japan, the most remarkable developments have
been made in the last decade, stimulated by the experience of structural
damages caused by the Tokachioki earthquake of 1968. The Architectural
Institute of Japan published a book entitled "Earthquake Load and Earth
quake Resistance of Building Structures" [1] in Jan. 1977, compiling
the results of most recent coordinated activities of many structural
committees of the Institute. In this publication a new concept of the
"Earthquake Load" was proposed, and it was examined from the point of view
of various structural materials. It may be stated that most of the
significant achievements in the last decade in Japan were culminated in
this recent publication.

In this report, the author first reviews various research activities
made in Japan since 1968, which in the author's opinion lead to the proposed
earthquake load. Second, one of the proposals, called the "First Proposal",
is introduced. Finally, a study made by the Reinforced Concrete Committee
leading to a modification of the First Proposal is introduced, which suggests
a possible and desirable direction for the future earthquake resistant design
method for the low-rise reinforced concrete building structures.

HISTORICAL SIGNIFICANCE OF TOKACHIOKI EARTHQUAKE

The proposed "Earthquake Load", which will be explained in detail in the
later part of this report, is epoch-making in the history of Japanese earth
quake resistant design. In the author's opinion, however, it stemmed out of
the experience of Tokachioki earthquake, especially so far as it is related
to low-rise reinforced concrete construction.

The Tokachioki earthquake struck northeastern part of Japan on May 16,
1968. From the earthquake engineering point of view this earthquake was
characteristic, in the first place, in that it gave Japanese engineers the
first recorded strong motion accelerograms of a destructive ground motion in
Japan. It was characteristic, in the second place, in that it gave Japanese
reinforced concrete buildings the first and the greatest ordeal ever since
the beginning of the use of design seismic coefficient in 1924. Many rein
forced concrete buildings, especially school buildings, suffered severe
damages.
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The great Kanto earthquake in 1923 may be regarded as a prehistoric
event, because the design seismic coefficient, originally proposed by
Professor R. Sano of the University of Tokyo in 1916 [21, was incorporated
into the Building Code only in the following year of 1924. The basic
requirements for earthquake resistance have remained unchanged since then.
Although the standard value of seismic coefficient, 0.1 in 1924 Code, was
increased to 0.2 in 1950, this change was accompanied by a corresponding
increase in the allowable stresses.

In the course of time several destructive earthquakes hit Japanese rein
forced concrete buildings. In 1948, a six-storied department store in Fukui
collapsed completely. The building had been subjected to air raid fire in
1945, and it was believed that the collapse was caused by the weakened con
crete in the first story columns. In 1964, many reinforced concrete build
ings in Niigata suffered uneven settlement or complete overturning due to
the liquefaction of saturated sand. Because of the affecting factors, these
earthquake damages did not arouse criticism on the earthquake resistant design
method itself.

Around 1960 the reinforced concrete construction spread out rapidly to
rural parts of Japan. School was the typical example. Partly defrayed by
the National Treasury, new school buildings of two- or three-storied rein
forced concrete construction were built allover the country. In 1968
when the Tokachioki earthquake hit the northeastern part of Japan, presumably
more than 200 modern reinforced concrete buildings had been constructed in
the affected area, of which about one quarter were school buildings. All of
them had been designed according to the prevalent design method based on the
Building Standard Law and Standards issued from the Architectural Institute
of Japan. In consequence, medium or heavy damages occurred to apprOXimately
15 percent, of these buildings. Counting schools only, it was found that
similar or even heavier damage occurred to about 25 percent of existing
buildings in the area. Thus the earthquake destroyed the naive belief of
citizens that reinforced concrete was an "eternal", earthquake- and fire
proof, construction.

More recently, Oita earthquake in 1975 offered lessons to the structural
design of Japanese reinforced concrete buildings [3]. However, its signifi
cance in the history of earthquake resistant design was never greater than
the Tokachioki earthquake. In fact, the impact given by the Tokachioki
earthquake triggered most of the recent efforts towards the improvement of
earthquake resistant design method of low-rise reinforced concrete. It is
the intent of the author to review these efforts including the "Earthquake
Loa~l, and to infer the future trend of earthquake resistant design method.

CAUSES OF SHEAR FAILURE OF COLUMNS AND COUNTERMEASURES

Shear failure of reinforced concrete columns was the most typical
failure observed in the buildings, especially in the school buildings, on
occasion of the Tokachioki earthquake. Three causes were involved there,
excluding the everlasting cause of the construction practices: (1) over
estimation of allowable shear capacity, (2) inadequate evaluation of shear
force distribution, and (3) underestimation of working shear force. More



detailed description of these caused and countermeasures taken against them
will follow.

Overestimation of Allowable· Shear· CapaCity

Overestimation of shear capacity in the design was the consequence of
too high allowable shear stress, too high evaluation of the effect of web
reinforcement, and too large spaCing in the minimum requirements for web
reinforcement. The Ministry of Construction quickly moved towards the
partial amendment of the Execution Order of the Building Standard Law, as the
most effective countermeasure. Article No. 77 of the Order, dealing with the
minimum requirements for column tie spacing, was revised in 1970. Maximum
spacing of 30 em was drastically reduced, to be 15 em at the middle portion
of columns and 10 cm at the top and bottom portions.

The Committee on the Reinforced Concrete Construction of the Architectural
Institute of Japan, which is responsible for the Structural Calculation
Standard, also responded quickly. A new design equation for allowable shear
capaCity was developed prinCipally based on Arakawa's research [4].
The equation was incorporated into the revised Standard of 1971 [5].

Shear Force Distribution

The second cause, inadequate evaluation of shear force distribution,
resulted mainly from the presence of nonstructural elements. Partition walls,
not accounted for as structural shear walls, would carry a considerable share
of the story shear force. Spandrel walls, usually neglected in the design
calculation, would shorten and stiffen columns, thereby attract more shear,
and at the same time they would increase flexural capacity and render the
columns more susceptible to shear failure. Such behavior of spandrel walls
has been observed in many places affected by earthquakes.

Countermeasure to' this phenomenon is, however, not simple. Proposals
to take spandrels into design account, or to isolate spandrels from the frame,
have been made. But accompanying technological problems, for example how to
evaluate flexural and shear capacity of spandrel walls, or how to detail the
isolation (expansion) joints, need to be solved. Furthermore, it is of
paramount importance to evaluate correctly the overall dynamic response of
buildings with or without spandrel walls. If we "cut" all the spandrel
walls of existing buildings out of frames, buildings might become too flexible
and too weak to withstand earthquakes. We should realize that spandrels are
the double-edged swords.

Underestimation of Shear Forces

The third cause was the underestimation of working shear forces on the
members. Shear forces had been traditionally determined directly from the
design seismic (horizontal) load, ever since the concept of design seismic
coefficient was incorporated into the Building Code in 1924. Similar to the
treatment of dead and live loads, working forces in the members were computed
for the imposed horizontal load, and members were proportioned in such a way
that working forces would be exceeded by allowable forces, based on the
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allowable stresses. This is completely normal and natural procedure from
the point of view of the working stress design.

However in view of the fact that the "actual" seismic load could get
much greater than the design seismic load, ductility as well as strength
should be insured in the design procedure. Premature shear failure should
be avoided even if it would take place at a load level well beyond the design
seismic load. To achieve this end, shear forces associated with the flexural
yield must be used instead of working shear. This was a drastic change in
the design concept for Japanese engineers, and it was three years after
Tokachioki earthquake, 1971, when the AIJ Standard for reinforced concrete was
revised to incorporate the above-mentioned change in the design concept [5].

PREDICTION OF DYNAMIC RESPONSE OF BUILDINGS

By the time when Tokachioki earthquake occurred in 1968, methods of
dynamic response analysis had been well developed as design tools for high
rise buildings. Dynamic response analysis considerably broadened the scope
of investigations into causes of earthquake damages. Unlike Kanto earthquake
of 1923 or Fukui earthquake of 1948, many research projects were carried out
where response analysis was applied in order to examine the dynamic behavior
of low-rise reinforced concrete buildings.

Researches After Tokachioki Earthquake

Dynamic analysis has to be based on the nonlinear restoring force
characteristics if one wants to examine behaviors up to the failure.
Laboratory tests of various reinforced concrete structures -- beams,
columns, shear walls, beam-column connections, and frames -- had been made
under reversal of loading [6]. These available informations were used in the
modeling of reinforced concrete hysteresis. Futhermore, a field test was
conducted to actually evaluate the hysteresis and modes of failure [7].

A U. S.-Japan Seminar was held in 1970 at Sendai, to exchange the research
informations, mainly to investigate the experience of Tokachioki earthquake.
Professor J. Penzien of the University of California and Professor H. Umemura
of the University of Tokyo were the coordinators. Proceedings were published
and are available from the Japan Earthquake Engineering Promotion Society [7].
The seminar turned out to be quite successful, and another'seminar of similar
character was organized in 1973 at Berkeley, California, this time mainly
to examine the consequence of San Fernando earthquake. Professor B. Bresler
of the University of California and Professor K. Kubo of the University of
Tokyo were the coordinators.

Stimulated by these successful seminars, a cooperative research project
on earthquake engineering was undertaken in 1973 - 1975 between the U. S. and
Japan. Several researchers were exchanged, and the results were presented
at the Review Meeting, held in 1975 at Honolulu, Hawaii. Proceedings were
published and are available'from the same source [3]. Professors J. Penzien
and H. Umemura were coordinators of the cooperative research program.

One of the main themes in the international cooperation was focused on
the prediction of dynamic behavior of existing structures [8]. This was made



in parallel with other research projects within Japan. Directly following
the investigations into causes of earthquake damage of individual buildings,
two attempts were started on the basis of successful experience to apply
response analysis to low-rise reinforced concrete buildings. The first was
the assessment of seismic safety of existing buildings 19,10J. The second
was the trial design of buildings which might be judged safe in the light of
dynamic response Ill,12,13]. Both of them required the prediction of dynamic
behavior by some means of response analysis -- rigorous or approximate.
Through these investigations criteria for seismic safety of frame buildings
and shear wall buildings were established separately, in terms of required
strength and associated ductility.

Summarizing all these efforts since the Tokachioki earthquake, it may be
stated that the dynamic response of buildings during earthquakes, including
the possibility of failure, could be estimated, provided that a mathematical
model was set up which would appropriately represent the nonlinear restoring
force characteristics. Also it was found that the lateral strength of the
buildings governed most directly the magnitude of response deformation.

Variation in Lateral Strength

As an important by-product of these investigations, it was pointed out
that the lateral strength of buildings would vary tremendously even though
they had been designed for the same seismic coefficient by the same design
procedure. The allowable stress of reinforcing steel for seismic loading
was increased to yield point in 1950, by which it was intended that ultimate
flexural capacity would reflect into the design. However, some buildings
would be four or five times as strong as what the design seismic coefficient
implied, while others would be only 20 or 30 percent stronger.

Many reasons could be pointed out. Followings are the reasons to
inflate the flexural strength of framing girders and columns.

a) Reinforcement may be dictated by permanent loading.
b) Steel area is always rounded up.
c) Because of the working stress equations, members would have

excessive strength when concrete stress governs.
d) According to minimum requirements, some bars are always provided

where they are not required by calculation.
e) Column reinforcement may be provided for the unfavorable axial

force combination.
f) Members of similar function may be unified to the one with largest

amount of reinforcement.
g) Bars may be rearranged in the practice for easier placement.
h) Bars usually neglected in the calculation will cooperate; for example

floor slab bars to the girder strength, and column bars in one direc
tion to the strength in the other direction.

i) Actual steel yield point will always be greater than the specified
minimum.

Secondly the flexural strength of frames may increase due to the
following.

j) When design forces and moments are taken at center lines of members,
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the distance from the center line to the critical section will
contribute to the increase of strength.

k) This is particularly significant when spandrel walls are present,
which have not been taken into structural design consideration.
It was inferred that many reinforced concrete buildings survived
the Tokachioki earthquake owing to the increased strength due to
the presence of spandrel walls [11].

As to shear walls similar factors as above could be pointed out,
resulting even greater reserve strength in many cases. Futhermore most
buildings have partitions and other "nonstructural" walls which actually
contribute tremendously.

The problem here is that the increase of lateral strength is not depend
able. It just does not always happen. Depending on the structural planning
and proportioning, some buildings may scarcely have excess strength, yet they
may lack in ductility. A more rational design method is needed which would
provide more uniform seismic safety.

PROPOSAL OF EARTHQUAKE LOAD (FIRST PROPOSAL)

The Vibration Committee of the Architectural Institute of Japan, which
is responsible for the development of design seismic loading, announced two
Proposals of "Earthquake Load", in 1973. One of them, called the "First
Proposal", was originally made by Drs. M. Izumi, M. Watabe, Y. Matsushima and
I. Sakamoto of the Building Research Institute. The other was made by
Professors T. Kobori and R. Minai of the Kyoto University, commonly called
the "Second Proposal".

Both of them were then subjected to the examination by the "Joint
Committee on the Earthquake Load", consisting of representatives from
various structural committees under the chairmanship of Professor H. Umemura,
with the aim of exchanging opinions from the standpoint of structural materi
als. In January 1975, Professor Umemura transferred the Proposals and
written discussions officially to five structural committees, -- Reinforced
Concrete, Prestressed Concrete, Composite Steel and Reinforced Concrete,
Steel, and Timber -- asking each committee to make practical examples of
application of the First Proposal. Each committee worked hard not only to
make such examples but also to criticize and modify the Proposal as needed.
These works were joined to a volume of book entitled "Earthquake Load and
Earthquake Resistance of Building Structures" [1].

In this section of the report, outline of the First Proposal will be
introduced. In the next section, works done by the Reinforced Concrete
Committee will be outlined, which, in the opinion of the author, follows
directly the flow of works since the Tokachioki earthquake, and suggests
how the future design method ought to be.

Classification of Buildings

Common to First and Second Proposals, concept of building classifi
cation was introduced in which bUildings belonging to different division
were to be designed for earthquakes by different methods.



Division One is for buildings where structural calculations are not
required, such as the one following the already approved standard design.

Division Two is for buildings to be designed in accordance with the
current Building Standard Law only, such as low-rise construction restricted
by minimum requirements for wall ratio and so on.

Division Three is for general buildings to be designed considering
dynamic effect. Proposed Earthquake Loads are intended for this division.

Division Four is for special buildings, with complicated system, new
material or new construction method, whose design and analysis are to be
examined individually by a board of specialists.

Scope of the First Proposal

Buildings in Division Three whose structural design has been made in
accordance with the Building Standard Law or similar ordinances shall be
examined for earthquake motions of maximum intensity by the following method.
In this sense the First Proposal is intended, not to provide design seismic
load, but to provide means of "post-design" examination. Whatever the
design parameters or design procedures are, a building is judged to be
satisfactory, if it meets this post-design examination. In this sense the
First Proposal provides the "performance type" design criteria rather than
the "specification type".

Another important consideration is due to the fact that the Proposal
is applicable to Division Three. BUildings are to be designed by anonymous
structural engineers. The procedure of examination should then be as plain
and simple as possible. Sophisticated analytical procedure, such as inelastic
time-history analysis, should be avoided.

Velocity Response Value for Examination

Velocity response value for the post-design examination is given by
the following formula.
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(1)

where
V

D
Z
G
S

D

V
o

velocity response value for examination.
coefficient for zoning (1.0 - 0.8).
coefficient for soil classification as specified in Table 1.
spectral value determined by the ratio of natural period in each
mode of building T and critical period of ground T as in
Fig. 1, where T is specified in Table 1. c
coefficient forCdamping characteristics of building as specified
in Table 2.
standard value of velocity spectrum, taken to be 85 em/sec.

Values of VD for Z = D = 1 is shown in Fig.2. Figure 3 shows the
corresponding acceleration spectra. Although not explicitly stated in the
Proposal, it is inferred that the spectra in Figs. 2 and 3 correspond to
earthquake motions with maximum ground acceleration of about 0.3 g.
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Table 1 Value of T and G
c

Soil T
GClassification (secc)

Class I 0.3 1.0

Class II 0.5 1.2

Class III 0.8 1.5

Class IV 1.2 2.0

5

Table 2 Value of D

Construction
DClassification

Steel 1.0

RC, PC frame 0.8

RC, PC wall 0.8

SRC 0.8

c------- -- - -;r---------

o T/lC
Fig. 1 S vs T/Tc
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Natural Periods and Nodes of Btiilding

Natural periods and modes are computed taking stiffness of frames and
walls into account. If large amount of sway and rocking at the base of
building are expected their effect may be accounted for. However the
Proposal does not encourage this consideration, as the method to appropri
ately evaluate the effect of sway and rocking is not yet established among
the Japanese engineers.

Elasto-Plastic Response Displacement and Ductility

Relative displacement and ductility of each story considering elasto
plastic response shall be calculated by the following equations.

Or = )lr ore

Q 2
)lr = !. {( -!:Q.) + I }

2 Qru

)lr Qrn/Qru

(2)

(3)

elasto-plastic response relative displacement of r-th story
elastic limit relative displacement of r-th story
ductility factor of r-th story
ultimate lateral capacity of r-th story
elastic response shear force of r-th story

The elastic response shear force Q n shall be calculated by the
following equation. r

8
1
" U w

1
" Vn)2

ji (4)

where
m" mass of j-th floor
8~ participation factor for i-th mode

1uji natural mode shape (eigen vector) for i-th mode at j-th floor
w. natural circular frequency of i-th mode
k1 maximum order of modes to be considered
n number of stories

Equations (2) and (3) are derived based on the following two assumptions.
First, nonlinear response displacement of a single-degree-of-freedom system
is related to the linear response as in Fig. 4, originally proposed by
Newmark and others. Implicitly assumed here is that the restoring force
characteristics of the building can be idealized into perfectly elasto
plastic hysteresis. Second, above relation is applicable to each story
in a multi-story building. This postulates that each story yields simulta
neously and deforms to approximately same ductility factor, or at least thi~



Table 3 Importance Factor

I
r

Use of Buildings NoteLowest story Uppermost story

Broadcasting Stations
2.0 2.0Hospitals

Telephone Exchanges 1.8 1.5
Linearly

Fire Stations interpolate

Government Buildings for
1.6 1.3 intermediateSchool Buildings

stories
Others 1.3 1.0

Q

Qro f-------------

Qru f------.Alll~
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condition is not violated on a large scale.

Equation (4) is so~called modal superposition by root-sum-square law.
Since such complicated buildings as :might vibrate in torsional modes are
excluded out of the scope, maximum order of modes to be considered, k,
may be taken to be 3.

Acceptance Criteria for Earthquake Resistance

Buildings are judged to be acceptable when all the following relations
are satisfied.

Ilr ~ lliI r (5)

o IH < 1/125 (6)
r r =

n n
L0 I LH < 1/150 (7)

r=lr r=l r

where
IlaI
Hr

r

allowable ductility factor determined for each type of construction
importance factor as specified in Table 3
height of r-th stroy

Equation (5) requires the response ductility of each story to remain
within the allowable limit with a safety margin which. is dependent on the
importance of the story. Allowable ductility factor 11 of 5 for steel
and SRC, 3.5 for RC frame, 2.0 for RC wall were once p~oposed, but their
final dicision was left to each Structural Committee.

Equations (6) and (7) require the response deformation in terms of
translation angle to remain within the prescribed limit. The limiting
values are subject to further discussions.

In case the building fails to satisfy these criteria, structural design
must be modified. In general, greater strength will be provided to the
structure. However, it is permissible to improve detailing so that greater
allowable ductility is available.

Examination for overturning and appendages such as penthouse must also
be made. Provisions for these items will be added in the future.

"FIRST PROPOSAL" ADAPTED TO REINFORCED CONCRETE

The Reinforced Concrete Committee of the Architectural Institute of
Japan, after completion of the work for the revised Building Standard in 1971,
was reorganized and started survey of literatures for the next phase revision
-- adoption of limit state concept in the design. Particularly important
and difficult here was how to define the seismic limit state.

The proposal of the Earthquake Load was made at this time. The prin-



ciple of the proposal was accepted quite favorably by the Committee, which
had been groping for the limit state concept in the earthquake-resistant
design.

The approach of the First Proposal was to examine the earthquake resist
ance by evaluating the ultimate lateral capacity after the proportioning of
members. This approach was deemed desirable for the purpose of the Committee
because of the following reasons.

First, the greatest shortcoming of the current design method, lack of
uniformity in the ultimate lateral capacity, can be most easily overcome by
actually evaluating the ultimate lateral capacity. The current design method
allows much freedom in the structural planning, design calculation and
reinforcement arrangement, which is good as it is. However because of this
freedom the ultimate lateral capacity will inevitably fluctuate, from the one
barely in excess of design seismic coefficient to the other several times as
strong as required. By adopting the First Proposal in the design procedure,
such fluctuation is detected, and mayor may not be accepted depending on
the relation of required versus available ductility. In this way, more
uniform earthquake resistance will be achieved.

Second, the approach of the First Proposal follows, in a sense, the same
line as the AIJ Standard for Reinforced Concrete. As stated preViously,
design for shear of reinforced concrete members had a drastic change in 1971,
into the ultimate-strength type procedure. Instead of shear forces associated
with the design seismic load, shear forces are calculated from the yield
moment of sections with flexural reinforcement already arranged. The calcula
tion of ultimate lateral capacity, an essential step in the First Proposal,
may be regarded as an extention of the evaluation of ultimate strength after
bar arrangement from member level to the structure level.

The Reinforced Concrete Committee attempted to apply the First Proposal
to several example buildings, and to modify it, as needed, to a form more
suitable to reinforced concrete. Principally there were three points.
(1) Definition of the building classification, Divisions Two, Three and
Four, was made for concrete structures. (2) Effective period was defined
to adapt Eq. (3) of the Earthquake Load, which was based on the perfectly
elasto-plastic hysteresis, to the reinforced concrete hysteresis.
(3) The procedure of the Earthquake Load was incorporated into a part of
member proportioning process.

Definition of Building Classification

As stated earlier, buildings are classified into four divisions, and
the Earthquake Load is intended to apply to the Division Three buildings.
Division One is for buildings where structural calculations are not required,
such as the one following the approved standard design, and no further
definition is needed. Hence only Divisions Two and Four are discussed here.

Division Two -- This class is for buildings to be designed in accordance
with the current Building Standard Law only, such as low-rise construction
restricted by minimum requirements for wall ratio and so on. Reinforced
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concrete wall bUildings and freme buildings with considerable amount of
shear wall have been shown to be quite earthquake-resistant in many earth
quakes in the past. Figure 5 shows the relation between earthquake damage
observed in the Tokachioki earthquake and structural parameters [11].
Abscissa is the horizontal area of walls in one direction at the first story
divided by the total floor area, hereafter called wall ratio. Ordinate is
total building weight divided by the sum of horizontal area of columns and
walls. Buildings having wall ratio greater than 35 cm2/m2 are always safe,
while those having wall ratio less than that can be made safe only under
certain circumstances.

Considering this fact and recent researches into the earthquake
resistant design [3,8,11,12,13] the Committee approved the tentative pro
posal made by Professor T. Okada of the University of Tokyo to define the
Division Two bUildings as those having wall ratio greater than 30 cm2/m2•

a
w

(8)

wall ratio (cm2/m2)
horizontal area of walls in one direction at the first story (cm

2
)

total floor area of the building (m2)

There have also been more sophisticated proposals [13], but the above-mentioned
one would be the most practical and yet reasonably effective.

Division Four -- Buildings in this Division are described as those having
"complicated system, new material or new construction method". Buildings
with predominant torsional vibration, and those with discontinuous vertical
distribution of strength or stiffness were recognized by the Committee to be
typical of Division Four buildings. Through the survey of buildings subjected
to the Tokachioki earthquake, following was proposed by Professor A. Shibata
of the Tohoku University as the practical limit for this Division.

e' = eli > 0.3

j' = I ~/KS /i < 1.0

(9)

(10)

where
e'
e

i
j'

~
S

eccentricity ratio
eccentricity length between center of gravity and center of
translational stiffness
radius of gyration
stiffness radius ratio
torsional stiffness
translational stiffness

As to the buildings with sudden change in strength or stiffness,
such as piloti or soft-first-story building, it has been shown that the
ductility of multi-degrees-of-freedom shear model can be approximately
evaluated from the linear response as follows (Fig. 6) [14].
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~ei
(11)

where
~i response ductility factor (of i-th story)

~i = °pi/OYi

~i' approximate value of ~i

~ei apparent ductility

~ei = °Li/OYi

~i deviation of linear response story-displacement

aYi deviation of yield story-displacement

0LO linear response story-displacement0: nonlinear response story-displacement
O~~ yield story-displacement
n number of stories

Effective Period for D-Tri Response Estimation

(12)

(13)

(14)

(15)

(16)

The restoring force characteristic of reinforced concrete structures
failing primarily in flexure can be idealized into so-called degrading
trilinear (D-Tri) model, shown in Fig. 7 [3,15]. As an example a family of
displacement response spectra for various yield strength is shown in Fig. 8.
Cracking and yield strengths are expressed in terms of seismic coefficient,
and the maximum acceleration of input ground motion is normalized to 1.0 g.
Yield stiffness ratio a is taken to be 0.5. As seen here the displacement
in the long period rang~ is close to the linear response, but it increases
drastically from linear response value in the short period range and for
low yield strength.

For the single-degree-of-freedom system having yield strength of k
in terms of seismic coefficient and subjected to earthquake with maxim~
acceleration coefficient of k , nonlinear response displacement can be
approximated by g

1 k (T) 2
o = 2 {(~) + 1 } 0y(T)

Y
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where
o
k (T)
k

e

oY(T)
Y

nonlinear response displacement
linear response shear coefficient for period T
yield shear coefficient
yield displacement for period T
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and the period T is selected by the following rule.

T T if T > T
e e eq

T T if T > T > T
eq y eq e

T T if T < T
Y Y eq

(17)

where
T
Te

TY
eq

period associated with initial (uncracked) stiffness
period associated with yield stiffness (T T /Ia:)
equivalent period from Eq. (18) Y e Y

T =1.5-k/k
eq y g

k maximum acceleration coefficient
g

(18)

The above relations are shown in Fig. 9. Equations (16), (17) and (18)
select an equivalent period T ,which determines a constant nonlinear
response for intermediate ran~g of period. For longer period range, non
linear displacement is evaluated by Eq. (16) using "elastic" period T ,
which is usually on the safe side because in this period range nonlin~ar
displacement is closer to linear displacement. For shorter period range,
nonlinear displacement is found using "yield" period T , which is a good
approximation for k values not less than k. In thisYperiod range Eq. (16)
underestimates the ¥esponse if k is less tRan k , but the ductility factor
in this case is altogether so la¥ge that it is aftyway out of practical
significance.

The condition in Eqs. (17) and (18) is equivalent to the following,
equating kg to 0.3.

T T if k > kyle y

T T if k > k > k
Y2

(19)eq yl y

T T/la: if k < k
Y2e y y

where
k
yl

0.3 (1.5 - T
e

) (20)

k
Y2

0.3 (1.5 T /la:) (21)
e y

T 1.5 - k /0.3 (22)eq y

The rule of Eq. (19) is illustrated in Fig. 10. As seen here this rule
specifies that an effective period be used in case both elastic period and
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yield shear coefficient are small.

For the class II soil, zoning coefficient Z
crete D = 0.8, we have from Eq. (1)

I, and for reinforced con-
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163 T
81.6

cm/sec
cm/sec

(T < 0.5 sec.)
(T :> 0.5 sec.)

(23)

Assuming that the maximum ground acceleration associated with the response
of Eq. (23) is 0.3 g, we obtain linear and nonlinear response displacement
spectra for 1.0 g earthquake as shown in Fig. 11. Yield stiffness ratio
a of 0.5 was used here. Figure 11 is directly comparable to Fig. 8.
wKen such comparison was made for several earthquake records and for differ
ent parameters as shown in Fig. 12, it was concluded that the above-mentioned
effective period may be used for the evaluation of D-Tri response in the
range of ductility factor up to about 5. Figures 13, 14, 15 and 16 are
the response ductility and displacement spectra for four classes of soil
calculated by this method, where ductility factor is taken from the yield
displacement.

Modified "First Proposal"

Based on the foregoing study, following modification to the First
Proposal was proposed by the author.

b.

c.

Calculate natural periods and participation functions of each mode
based on the elastic (uncracked) stiffness.
Evaluate the yield stiffness ratio a either by calculation or
guess work. Recommended is a value ~f 0.5.
Calculate the ultimate lateral capacity of each story, and obtain
the yield shear coefficient from the following equation.

k
y n r

L (Wr Lh.)
i=l j=l J

ultimate lateral capacity of r-th story
story height of r-th story
weight of r-th floor

(24)

Equation (24) was derived from the equation of motion in the plastic
flow assuming that the mode shape was an inverted triangle.

~ Obtain the effective natural period of the first mode from
Eqs. (19), (20), (21) and (22) where T is the elastic natural
period of the first mode. If it is different from the elastic
period, modify all the higher mode periods by the same ratio as
that of the first mode.
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e. Find the linear response shear force in each story from Eqs. (1)
and (4), using the periods modified as above.

~ Find the ductility factor in each story, defined for the yield
displacement from the following expressions.

If

CI Q 2

J.\ J.. {( ~) + 1 } (QrD ;;; Qr )2 Qru (25)
J1 = ay QrD/Qru (QrD < Qru)r

If k
yl

> k > k 2y Y

T 2 CI Q 2
J1r = ( ~) -L- {( -!Q ) + 1 } (26)

Tl 2 Qru
If k ,; k

Y2y

1 Q 2
J1 r "2 {( .....EQ ) + 1 } (27)

Qru

ductility factor of r-th story defined for yield
displacement
yield stiffness ratio
linear response shear force of r-th story
ultimate lateral capacity of r-th story
elastic natural period of first mode

k l' k 2' T refer to Eqs. (24), (20), (21), (22),
y y eq use T

l
for T

e
in Eqs. (20) and (21)

~ Calculate nonlinear response story displacement from the following
equation.

o
r

where
oor
ry

(28)

nonlinear response story displacement of r-th story
yield story displacement of r-th story

Criteria for Earthquake Resistance

The Reinforced Concrete Committee examined the acceptance criteria of
the original "First Proposal", and temporarily concluded as follows.

(1) Although the adoption of importance factor is plausible,
the quantitative definition is still very difficult. Hence it will
not be further discussed within the Committee at least for the time
being.

(2) The principal criteria should be in terms of story slope (story



displacement divided by story height). Ductility factor has been used
more frequently here and abroad. However the story ductility factor to
be found by the "First Proposal" is unrelated to the member ductility
factor. Futhermore the story ductility factor becomes ambiguous due
to crude evaluation of stiffness reduction factor, while the inelastic
response story displacement, or story slope, is more definitely evalu
ated. Hence the story slope is used as the principal criteria, and
the total slope (total displacement at the top of the building divided
by total height) and ductility factor are referred to only as auxiliary
criteria.

(3) The permissible limits are set as follows based on the engineering
judgment considering available experiences and experimental data.

Story slope 0 {H < 1{100 (29)
r rn n

Total slope L 0 / L H < 1/120 (30)
r=l r r=l r

Ductility lJr
< 3.5 (31)

(4) A new concept of "ductility class" is introduced. According to the
calculated story slope, columns and girders belonging to each story are
classified into three classes as shown in Table 4, and they must be
designed for shear by appropriate methods to ensure deformability
associated with each class.

The detail of design methods for shear will be developed in future.
There will be differences among classes of the following items: evaluation
of seismic shear force in the members, shear capacity equation, limiting
value of axial compression, limiting value of web reinforcement, limiting
value of shear span ratio, criteria for development length, and confinement
for bond splitting.

FUTURE TREND IN EARTHQUAKE-RESISTANT DESIGN

The Reinforced Concrete Committee resumed its study towards the limit
state design code when the works for the "Earthquake Load" was completed
in March, 1977. Fundamental scheme for the future code is not yet laid out.
However, the author views personally that the modification made to the
"First Proposal of the Earthquake Load" will constitute the skeleton of
the future code by itself.

Figure 17 shows the flow diagram of design procedure proposed by the
Reinforced Concrete Committee in the modification of the "First Proposal".
Traditional design follows the left branch directly. The right branch is
the new addition, which is quite simple and easy for most structural
engineers.

It is necessary for the Committee to examine various problems in order
to develop details of the design procedure, among which are the followings.

a) Define clearly the scope of application of the design flow shown
in Fig. 17. In other words define more clearly the Divisions Two,

211
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Three and Four.

b) Choose appropriate design seismic coefficient (or load factor to
the seismic coefficient in the Building Standard Law) to design
most efficiently, avoiding the circulation shown by the dashed
arrow in Fig. 17.

c) Select, or develop as needed, ultimate strength equations for
flexure and shear in conjunction with the associated deform
ability, and determine material safety factor or member capacity
reduction factor.

d) Provide effective means to calculate ultimate lateral capacity,
both for hand and automatic calculations.

e) Determine permissible limits of response deformation and duc
tility more firmly.

Obviously we would have to start with some of these items left for
the "engineering judgment". To the author it seems that the adoption of
the scheme shown in Fig. 17 is a natural consequence of all kinds of studies
made since the Tokachioki earthquake of 1968. We should switch our design
procedure from the conventional specification type design earthquake load
to the performance type criteria as in Fig. 17.

Table 4 Ductility Class

Calculated Story Slope R Ductility Class

1/150 :R < 1/100 I

1/200 < R < 1/150 II
=

R < 1/200 III
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SEISMIC DESIGN REQUIREMENTS IN A MEXICAN 1976 CODE

by
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Professor of Engineering

Universidad Nacional Autonoma de Mexico

Introduction

Mexico City contains over one-sixth of the country's population, and its
concentration of engineered buildings is much more pronounced. The major part
of the city lies within the Federal District. The District's building codes
are accordingly the most advanced in Mexico.

The country's and Federal District's first bUilding code containing earth
Quake-resistant provisions dates from 1942. A macroseism in 1957 prompted the
issue of emergency regulations (1), which were beset with the conseQuences of
haste. The compass was corrected in the 1966 code, which was essentially com
plete years earlier (2). Then came the Federal Electricity Commission norms (3),
whose innovations served as basis for the 1976 code. The latter is in large
measure also the outcome of research done at the Instituto de Ingenierfa of the
National University and of interchange of ideas and experiences with the Applied
Technology Council of the United states.

The authority responsible fOr drafting codes and for issuing construction
and occupation permits is the Federal District Department. It usually places
responsibility for cOmplying with code provisions in hands of the registered
engineer or architect that is awarded the construction license. Department
engineers check computations and drawings only for some special structures and
for those severely damaged by earthQuake. Codes often serve more as guidelines
than as no=s. There is much freedom in design of privately owned buildings
while those belonging to government organizations follow their own provisions.
The same pattern holds for construction supervision.

The situation is more orderly than might be construed since in cases lead
ing to penal responsibility or legal dispute, having violated code reQuirements
weakens a professional's position.

Many states in the republic are now (1976) in the process of approving new
building codes, carefully adopted from that of the Federal District.

Seismicity

Soil amplification, partiCUlarly for long periods, is extreme in the soft
clay of the Valley of Mexico. In acceleration spectra, prevailing periods of
2 to 2.5 sec are common (4,5) and at one site they have reached 5 sec (Fig. 1).

On hard ground the 100 yr return period ground acceleration and velocity
are respectively 0.05 g and 20cm/sec (8 in/sec), where g = acceleration of
gravity. The corresponding values on soft ground are 0.14 g and 81 cm/sec
(32 in./sec) (7). These values refer to free field. Considerable reductions
may be expected at the base of ordinary buildings owing to foundation rigidity



in a horizontal plane (8), foundation depth (9), and sometimes soil-structure
interaction (10).

General Requirements

Importance Factor.--Since 1966 the factor that distinguishes between essen
tial facilities and ordinary buildings has become 1.3, much smaller than in pre
vious codes. The lower figure can be justified by considering that the optimum
base shear coefficient is nearly proportional to the l/(r+l) power of the
expected loss in case of failure (10), where -r is the exponent in
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A(S)

in which A(S) = exceedance rate of structural response S; ct and r = parameters
depending on regional seismicity, structural properties, and nature of response
being considered; and 8m =smallest value of S for which we have complete infor
mation. On hard ground in Mexico City r depends on natural period and ranges
between 2.39 for maximum ground velocity and 2.70 for maximum ground accelera
tion (11). On soft ground the range is 2.60 to 3.75 (7). Accordingly an
importance factor of 1.3 implies an expected loss of 2.4 to 3.5 times greater
for essential facilities than for ordinary permanent structures, other things
being equal. These ra.tios seem reasonable. Yet a thorough study of the matter
would be much in order.

Fence walls whose he;tght does not exceed 2.5 m (8 ft) and temporary ware
houses are the only structures that need not be designed to resist earthquakes.

Microzonin~.--The four zones are, I hard ground, II transition, III soft
soil, and IV insufficiently explored. Reclassification of a site in zone IV
into another zone is to be based on local soil exploration. However, if infor
mation is insufficient to define period T2 in the acceleration spectrum (see
below), this period should be assumed equal to 5 sec.

Base shear coefficients C for the different zones, associated with the
flat portion of acceleration spectra and a ductility factor of 1, appear in
Table 1. Recent data (12) indicate that it may be advisable to reclassify part
of zone I as II (areas where la.va flows a.re underlain by compressible clay)
and lower the value of C for zone I. Results would agree closely with those
of design optimization. It is not seriously .objectionable to preserve values
in Table 1 until a change is better substantiated, for C is already low for
zone I and consideration of strong nearby earthquakes may substantiate the
table.

Load Factors.--Loa.d factors for gravity forces are 1.4 in ordinary build
ings and 1.5 in special structures under uniform live load. These factors are
reduced to 1.1 in design under the most unfavorable live-load distribution
(checkerboard loading).

In design against wind or earthquake the load factor is also specified as
1.1.

Cross-sectional dimensions of reinforced concrete members smaller than 20
cm (8 in) are assumed to be reduced by 2 cm (0.8 in) except when specially con
trolled. The reduction does not apply to effective depth for positive moment
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in beams.

Code load factors, stress-reduction factors, accidential eccentricities in
columns, and reductions in cross-sectional dimensions of reinforced concrete
members were computed using a second-moment approach and then they were rounded
off.

Design Spectra.--Figure 2 depicts the design spectra specified for compu
tation of deformations in structures resting on each of the first three zones.
See also Table 1. Shapes are based on spectra of motions recorded since Decem
ber 1959, when the first strong-motion record was obtained. There are, though,
two important modifications relative to the actual spectra:

1. The flat portions were widened to take into account uncertainty in
spectrum shapes and in natural periods. Originally it was thought
didactically appropriate that the design spectral ordinate associated
with a computed period T should be taken as the largest ordinate in
the range 0.75T to 1.33T. [Asymmetry of these coefficients relative
to 1.00 stems from assigning T a lognormal distribution, which is a
reasonable assumption (13).] Reactions of practicing engineers indi
cated, though, that it would be preferable to modify the shapes of
design spectra so that, entering with computed periods, one would
directly find the spectral ordinates of the original scheme.

2. The descending branch in actual spectra varies approximately as T-l

and T-2 in zones I and III, respectively. Assuming that intial costs
and losses in case of failure were affected in the same proportion as
one varied the number of stories of a building and hence its funda
mental period, optimum design would lead to a variation of design
ordinates proportional to the foregoing powers of T to the power
r!(r+l) (14). With the values of r quoted earlier one would arrive
at descending branches in design spectra proportional to T-0.73 in
zone I and T-l.58 in zone III. Longer periods are associated with the
possibility of unfavorable behavior caused by phenomena not normally
considered in analysis, such as concentration of ductility demand,
some forms of soil-structure interaction, particularly in the range
of nonlinear behavior, and P-o effects in excess of computed values.
Hence the desirability of even slower variation of design spectral
ordinates with T and hence exponents -1/2 and -1 for zones I and III,
respectively. The exponent for zone II was interpolated between these
values.

The design spectra are intended to correspond to a damping ratio of 5%.

In single-degree hysteretic systems whose initial period exceeds Tl , maxi
mum deformations depend little on the shape of the force-deformation curve
provided this is symmetrical and initial stiffness is preserved (13). If the
force-deformation curve is elastoplastic, forces induced equal those in the
equiValent linear systems (having the same parameters as the elastoplastic one
for small deformations) divided by the elastoplastic system's ductility factor.
When T = 0 accelerations in the system are independent of its force-deformation
relation since it follows the ground motion without perceptible deformation.
In the range 0 < T < Tl it is reasonable to interpolate linearly between reduc
tion factors at-the-ends of the interval. Deformations in the range 0 ~ T ~ Tl



are to be computed ~rom a spectrum whose ordinates are the ductility factors
times the reduced spectral accelerations (Fig. 3).

Design o~ Ductile Multidegree Systems.--The ~oregoing criteria carry over
approximately onto structures with several degrees o~ ~reedombut systematically
introduce errors on the unsa~e side: individual story ductility ~actors sys
tematically exceed the overall ductility ~actor (13). The error increases as
the structure departs ~rom one having an approximately uni~orm load ~actor

throughout. One way of recognizing this situation lies in using smaller duc
tilities in design than would be derived ~rom individual story behavior, making
the available (allowable) ductility a decreasing ~unction of heterogeneity of
story-shear load factors. This is subsequently made explicit.

Allowable Ductilities.--Ductility factors to be used in design of single
degree systems are conservative approximations to laboratory test results under
several dozen cycles o~ alternating load (13). They depend on structural
materials, on properties o~ structural members and joints, and on structural
details. Reductions mentioned in the preceding paragraph have been incorporated
into the allowable ductility ~actors o~ multistory buildings. Code requirements
~or di~~erent allowable ductility ~actors are synthesized in Table 2.

Equating reduction ~actors to ductility factor in the range T ~ Tl assumes
symmetric force-deformation curves and strongly hysteretic behavior. According
to Re~. 3 the ductility factor to be used in design should be taken equal to
the one in Table 2 times (1 + lOVI/V2)!(5 + 6Vl/v2) when the ~orce-deformation
curve in one or more stories can be .idealized as in Fig. 4, and the ductility
~actor ~ should be replaced with 12~-1 when the ~orce-de~ormation curve can be
idealized in Figs. 5 or 6.

A typical condition leading to a ~orce-de~ormation curve as in Fig. 4 is
illustrated in Fig. 7. The girder supporting the single-story columns is aided
by gravity in resisting roof inertia ~orces from le~ to right. Gravity e~fects

decrease the girder's capacity to resist roo~ inertia ~orces acting in the
opposite sense. Hence the asymmetry o~ the curve in Fig. 4. In concrete struc
tures, however, rein~orcement can be designed in such a way as to counteract
this effect, restoring the reduction ~actor equality with the ductility ~actor.

Behavior schematized in Fig. 5 is typical o~ X-braced structures and chim
ney stacks anchored with long, ductile bolts. Figure 6 represents behavior o~

prestressed concrete structures ~ailing through tension in the prestressing
tendons: departure ~rom linear behavior is mainly due to opening o~ cracks
which close upon removal of lateral load. The thin hysteretic loop essentially
re~lects energy losses due to friction between tendons and concrete.

Redundancy.--Among the (random) capacities of critical sections in struc
tural members there is no mOre than partial correlation. The coef~icient o~

variation o~ the shear capacity o~ a series of parallel frames having nearly
equal columns decreases therefore as the number of columns increases. The
effect is less pronounced if one or two columns have high ef~ective relative
rigidities and hence take a large share of the story shear. The situation is
covered in the code by specifying that the generalized force acting on every
shear wall or column that takes up more than 20% of the story generalized ~orce

be increased 20%. The ~irst 20% is such that the provision a~fects buildings
on four nominally equal columns. The second 20% is consistent with an analysis
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taking into account the dependence of the coefficient of variation of struc
tural capacity on the number of nominally equal columns.

The increase in safety of inverted pendulums brought about through this
provision is smaller than the one achieved through an increase in base shear
coefficient in previous codes. The main reason for this is that effects of
rotational inertia are now explicitly to be taken into account, as described
subsequently.

Drift Limitations.--The code limits computed drifts to 0.008 in ordinary
structures. The limit is apparently high compared with previous code limits
just as base shear coefficients are comparatively high. Both situations are
due to specitying spectra directly for computation of deformations while spec
tra for computation of forces are to be derived from the former through a
reduction scheme. Previous codes specified the spectra for force computation
(which made distinctions based on available ductilities awkward) so they had
to compensate tor the reduction when comparing computed and allowable drifts.
They did this by allowing only reduced, unrealistic drifts.

The question, however, is not so clear~cut. We should limit drift essen
tially to control serviceability. We should therefore be more interested in
shorter return periods than when we are concerned with collapse. We should
even adopt different design spectral shapes for design against collapse than
for drift limitations; For the sake of simplicity the code specifies a single
spectral shape for a given building. It remains to discern whether the simpli
fication does not introduce excessive errors in some range of fundamental
periods.

Drifts limited by this code provISIon are those associated with frame
distortion, not with overall flexure, as in essence only the former cause
cracking of nonstructural elements. When the latter are tied to the struc
ture in such a way as not to be damaged by structural deformations the 0.008
limit is doubled. It may seem too arbitrary to impose any limitation under
these conditions, but, if it.were not imposed, excessively flexible buildings
would be produced, designed for very small lateral forces.

P-o Effects.--To save most buildings from revision of P-o effects it is
permissible to ignore these effects when the computed total drift does not
exceed 0.008 in any story. When this condition is not fulfillled, computed
column moments and storY drifts must be divided by 1 - 1.2c/1jI, where c = story
shear divided by weight above and 1jI = computed story drift, and equilibrium
must be restored at intersections with floor systems. The correction factor
is derived in Ref. 15. Division by 1 - 1.21j1/c is equiValent to division by
the more usual form 1 - plPcr where P = weight of building above story being
considered and Pcr = value of P that would make the story buckle. Factor 1.2
corrects for the difference between the deformed shapes of columns under ver
tical and lateral forces. Alternative second-order methods of analysis are
also allowed.

In addition one must amplity the bending moments acting on individual
slender columns. The procedure specified is the one in current "ACI Building
Code" (16) except that frames having a total drift 'not exceeding 0.008 may be
considered as restricted against sway. This exception is justified because
the assumption that a frame is not restricted implies that all columns tend



to buckle simultaneously, and this global phenomenon is covered by considera
tion of P-o effects with Wcorresponding to the original design spectrum and
c based on the spectral ordinates reduced to account for ductility, i.e., to
account for nonlinear behavior. Yet it is inconsistent that a very conserva
tive criterion should govern as soon as Wexceeds 0.008. The matter deserves
further scrutiny.

Combined Action of Ground Motion Components.--In Mexico City vertical
ground !J,ccelerations are usually not significant (13). A satisfactory idealiza
tion of ground mot ions- will therefore consider two orthogonal horizontal compo
nents acting s-illlultaneously. It is to be assumed that a structure is safe if
state vector B, falls- within the safe region in states space, and R is to be
c=pmedfr=~ -

where Be = vector of gravity effects and Br = vector of ith-component effects
(17) . Equation 2 is a simple approximation to results of a more rigorous
analysis. Even this simple expression involves an increase in accountacy over
what is required when the matter is ignored. But unless this is done we sys
tematically underdesign certain structural members (typically corner columns)
or, if we raise base shear coefficients to make up for neglect of the question,
we overdesign other structural members.

Simplified Method.--The majority of engineered houses and buildings have
no serious problems of torsion, overturning, drift, P-o effects, or combined
action of different ground-motion components. These structures are usually
little sensitive to the design base shear or to the computed capacity of their
structural elements. It is desirable to include in a code a simple method
that allows ignoring fine points of seismic design, compensates therefore by
slightly raising the base shear coefficient or lowering the computed capacity,
and sets strict limits of applicability. One such method was introduced in
1966 but its use began a few years earlier, when the code was essentially com
plete. Experience with the method has been satisfactory although we must admit
that there have been no truly severe earthquakes that would put it through a
decisive test. California engineers have objected to what they consider over
simplifications in the method on the basis of local experience. A more con
vincing calibration must await further experience in the Federal District.

Static Method

Base Shear Coefficients.--If one does not wish to compute the fundamental
period of vibration the base shear coefficient for computation of deformations
is C, that is, Ilg times the spectral acceleration in the flat portion of the
spectrum for the site in question. However, one must compute deflections any
way except when using the simplified method of analysis. Hence it is ordi
narily not much more work to compute the fundamental period of vibration using
Schwartz' quotient (13),
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where Fi , Mi , and Yi mass, applied force, and computed deflection of ith
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floor, respectively. If it is found that Tl < T < T2, the base shear is not
modified, if T < Tl , it is taken proportional to-the corresponding spectral
ordinate, and if T > T2' it is reduced as described under the next heading.

In shear structures the base shear coefficient never exceeds l/g times
the spectral acceleration ordinate associated with the fUndamental period
provided the acceleration spectrum for shorter periods does not fall above the
hyperbola passing through the point mentioned (13). The criterion for T < T2
is thus conservative for shear structures. For flexural structures it is
approximately correct if the spectrum is flat for periods smaller than the
fundamental; not so if spectralacclerations are a decreasing function of peri
od for periods smaller than T. Hence the need for a different provision when
T > T2'

The base shear coefficient for computing lateral forces is equal to the
one for computing deformations divided by the ductility factor.

Distribution of Accelerations for Computation of Story Shears.--The shear
distribution in practically all buildings and most other structures is rea
sonably approximated by specifying horizontal accelerations proportional to
elevation above ground, to the square of this elevation, or intermediate between
these. No sufficiently simple yet satisfactory criterion has been devised to
decide on this shape in every given instance. In general, the longer the fun
damental period of vibration the more important will flexural deformations tend
to be relative to shear deformations and the more significant·will the contri
butions of higher modes tend to be relative to the fundamental. If spectral
accelerations decrease with period, the base shear coefficient in flexural
structures usually exceeds l/g times the fundamental-period spectral accelera
tions. These trends are reflected in the provision that, if T > T2' horizontal
accelerations for deflection computations be assumed equal to the sum of a term
proportional to elevation and a term proportional to the square of elevation
and such that the corresponding base shear coefficients equal (T2/T)k{1 -k[l 
(T2/T)kJ}C and 1.5k(T2/T)k[l - (T2/T)k]C respectively, where -k = exponent of
T in expression for spectral accelerations when T > T2' Thus the acceleration
distribution passes amoothly from a straight line when T = T2 to a parabola as
T tends to infinity, while the total base shear coefficient varies smoothly
from C when T = T2 toward 1 + k/2 times the spectral ordinate at T tends to
infinity. (See Ref. 13 for results of analysis of chimney stacks.)

Story Torques.--The design torsional eccentricity is to be taken as the
most unfavorable of es - a.lb and 1.5es + a.lb, where es = statically computed
eccentricity and b = story dimension measured perpendicularly to direction being
analyzed. Coefficient 1. 5 intends to take into account dynamic magnification
(13). ']he additional +O.lb, known as "accidental eccentricity," is introduced
to cover eccentricities due to discrepancies between the mass, stiffness, and
resistance distributions used in analysis and true distributions at the time
of a strong earthquake; torsional oscillations induced by a rotational compo
nent of ground motions; and other sources of torsion not considered explicitly
in analysis. This is admittedly a crude way of dealing with so many variables,
but for one thing a more ambitious provision would meet objections and probably
rejection by practicing engineers, and for another, the present state of know
ledge does not justify a more refined treatment. For example, it is known that
torques induced by the rotational ground-motion component in a one-story sym
metrical building are a decreasing fUnction of the building's fundamental
period of vibration (13). Accidental eccentricities to reflect this part of



the phenomenon have been suggested, ranging from +O.05b for flexible buildings
to +O.lb for the more rigid ones (l3). In multistory, uniform shear-structures
this type of accidental torque is roughly independent of elevation above ground
(8), so the corresponding accidental eccentricity, expressed in terms of b,
should increase with elevation. Effects of discrepancies between actual and
computed rigidities depend on structural layout and on structural materials;
thelf- are likely to be considerably greater in reinforced concrete struc-
tures and in those having masonry shear walls than in steel moment~resisting

frames, and they are likely to be a decreasing function of the number of col
umns in the story under consideration. The dynamic amplification of 1.5 is
open to discussion since, on the one hand, when es « b, the amplification
factor can considerably exceed 1.5 but, on the other hand, when this factor
is large the story shears are smaller than computed under the assumption that
story torques are nil (13).

The 1957 regulations specified that the design story torque not be taken
smaller than half of the maximum in stories above nor the design eccentricity
smaller than half the maximum in stories below. This was intended to reflect
torsional oscillations in one story due to eccentricities elsewhere in a
structure. For instance, eccentricities in lower stories that support a sym
metrical tower will cause the tower to oscillate in torsion; yet this will go
undetected in a conventional static analysis. Eccentricities in upper stories
may cancel each other in such an analysis, leaving lower ~tories apparently
free of torsion; yet the upper-story eccentricities will generally induce tor
sional oscillations in the entire structure. This provision was adopted years
later in the New Zealand Code. In the 1966 Mexican provisions it was discarded
because it seemed an unwarranted complication. An attempt was made to rein
troduce it in 1976 but met with objections because it requires additional
accountancy and having raised the accidental eccentricity from +0.05b to +O.lb
was felt by many to cover most cases in which eccentricity in r;mote stories
might have a significant effect. The provision was accordingly left out of
the new code.

Overturning-MOment.--Main reasons for using design overturning moments
smaller than the integral of the story-shear envelope are (13), a) maximum
story shears do not occur simultaneously at all stories; b) the envelope of
story shears used in design is approximate; if correct at one elevation and
not unsafe at others, it is practically sure to be conservative throughout most
of the structure's height; c) nonlinear behavior of soil near the soil-structure
interface and separation over a small portion of this surface decreases over
turning moments at and near the structure's base; and d) it is often considerably
more expensive to resist overturning moments at the structure's base than it is
to resist the associated story shears, so that, from the viewpoint of optimum
design, overturning moments at the base should be reduced. Reductions are not,
however, so pronounced as many codes of the past allowed. The 1976 document
allows 20% reduction at the base, none at the top, and a linear interpolation
between bottom and top reduction factors. Additionally, M> hV, where M =
overturning moment, h = distance to center of gravity of portion of building
above elevation being considered, and V = story shear at that elevation. A
much more drastic reduction is not justified. The provision that M > hV
insures that equilibrium will be satisfied (there should be no reduction in
the uppermost story from conditions a, c, and d) and protects structures
having unfavorable mass distribution along their height.
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It might be appropriate to allow a slight further reduction as one moves
from immediately above to immediately below the foundation. It was felt,
though, that the phenomena involved were not sufficiently understood to permit
drafting a general provision on this matter and that allowing a favorable
contact-stress distribution to be assumed between structure and soil took care
of at least the major part of the phenomena in ~uestion.

Local Accelerations.--Local accelerations specified in the code equal
(A = a)g, where Ag = local acceleration for story shear computations and ag
design acceleration for infinitely rigid structures. Horizontal accelerations
assumed for computation of story shears are not the maximum local accelerations,
with the possible exception of the uppermost floor (roof). As we approach a
structure's base, accelerations for computing story shears go to zero while
local accelerations should tend to the maximum ground acceleration. In addi
tion, appendages and the like dynamically magnifY the local accelerations.
Provisions covering the gamut of conditions of practical interest in a theo
retically sound, accurate manner would be very extensive, as a great many
variables are involved. On the other hand, neither moderate overdesign nor
moderately increased failure probabilities are seriously objectionable since
initial cost and conse~uences of failure are orders of magnitude smaller than
for the entire structure. Hence the simple provision in the code. This pro
vision recognizes the tendency for local accelerations to increase with ele
vation above ground because of structural oscillations.

Vertical Accelerations.--Horizontal ground motion can induce nonneglible
vertical accelerations in portions ofa structure. Such is the case with the
top of inverted pendulums, parts of the roof system in some mill buildings,
and the upper floors of tall buildings exhibiting significant overall flexural
deformation. In all these cases local vertical accelerations combine to pro
duce rotational inertia. The code provision is a.simple device that recognizes
dynamic magnification much in the way in which this is done for story torques.
It is required that, where computed vertical displacements exceed some limit,
vertical accelerations be taken into account e~ual to 1.5 times the design
horizontal acceleration times the ratio of local vertical to horizontal dis
placements.

Through this provision and that of P-o effects there is an increase in
design forces in recognition of vulnerability of inverted pendulums. These
are now to be designed in a more realistic way than was specified in previous
codes, which merely called for a uniform increase in base shear coefficient
for structures of this type.

Modal Analysis

Degrees of Freedom per Story.--In buildings having sufficiently rigid
floor diaphragms th.e structure may be modeled with one degree of freedom per
story independently of the magnitude of statically computed torsions. It may
seem strange that the code should not specify explicit dynamic consideration
of story torques when torsional eccentricities are large relative to base
dimensions. The fact is that dynamic magnification of torsional eccentricities
is a decreasing function of es/b (13), so such a provision would not be justi
fied.

Story Tor~ues.--It is permitted to take story torques into account using
the criterion specified for static analysis.



Combination of Modal Responses.--If Si denotes the computed response in
the ith natural mode of vibration, the design response is to be computed as
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S =~Lsi (4)

unless the fre~uencies of two or more natural modes that contribute signifi
cantly in E~. 4 are close together. When this is the case the code itself does
not specify a formula. It refers to a supplementary document issued by the
Federal District Department, which contains expression

in which

S
(

S.S. )1/2- LL ~ .J
. . 1 + 82
~ J ij

(6)
S~W. + Sj'W'
~ ~ J

where wi = undamped circular fre~uency of ith natural model, wi = wi 11 - d.2
damped circular fre~uency of ith natural mode, Sf + 2/wiS, Si = damping ratio
of ith natural mode (assumed e~ual to 0.05 unless a different value is justi
fied), and s = duration of segment of stationary white noise e~uivalent to
the family of actual design earth~uakes (s is to be assumed as 20, 30, and 40
sec in zones I, II, and III, respectively. For zone IV when not reclassified
on the basis of local information of soil properties, s = 50 sec). E~uations

5 and 6 are justified in Ref. 13. E~uation 5 simplifies into E~. 4 when all
the Wi'S are sufficiently different from each other so that 8ij » 0 when
Wi 'f Wj'

Reasons for presenting E~s. 5 and 6 in a separate document are that they
look complicated and it is not unlikely that better practical procedures will be
developed in the near future.

Use of E~s. 5 and 6 is necessary in structures whose coupled torsional and
translational natural modes have some fre~uencies close to each bther or in
Which appendages bring about this condition.

Quantities that are ordinarily computed through E~s. 4 and 5 are not those
used directly in design. We compute by means of these expressions such responses
as story shears and tor~ues and overturning moments; in design we use maximum
generalized member forces: shears, bending moments, and axial forces in beams
and columns. There is not a one-to-one relation between both types of response,
so in principle we ought to use E~s. 4 and 5 to compute design responses proper.
However, savings in computation time are significant and loss of accuracy is
normally not, and errors are always on the safe side, so that only in special
cases is the more precise approach justified.

Step-by-Step Analysis

Analysis of buildings subjected to specified ground motions has rarely if
ever been used for design in any country, Yet it seems desirable to leave this
possibility open. The first objection to the method lies in that dispersion
of responses is large; hence, several independent ground motions should be pro
cessed, which entails high computer costs. (The 1976 code calls for at least
four representative, independent motions.) Second, it is not a trivial matter
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to verify that the motion$ are con$istent with other code requirements. Third,
as a consequence of nonlinear behavior the effects of gravity and of various
components of ground motion must be analyzed simultaneously. Fourth, as the
1976 code requires, one should take into account uncertainty in structural
parameters. This is the easiest objection to overcome if we introduce some
simplifying assumptions, such as complete correlation among structural stiff
nesses and validity of a second-moment approximation (18). The first assump
tion allows recognizing randomness of stiffnesses by merely changing the time
scale in the acceleration records whose effects we analyze. The second assump
tion implies that it suffices to analyze the structure for the records having
the original time scale multiplied by 1 + V and by 1 - V, where V = coefficient
of variation of natural periods. We immediately obtain the expected values of
structural responses and their coefficients of variation. An approximate
method (14) then leads to the optimum design.

Concluding Remarks

Participation in the drafting of building codes has been a powerful stimu
lus to research and innovation. The informality with which cultural and
economic factors have made Mexican engineers regard building codes, more as
guidelines than as rigid norms, has had its negative aspects but the freedom
it has bred has promoted experimentation and rapid evolution.

A critical examination of present codes discloses their weaknesses and
thereby points out fruitful areas of research. Interaction between code writ
ing and research has thus proved to be a fecund network of intellectually
rewarding activities.
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Table 1. Acceleration Spectrum Parameters

Zone a C T1 T2 k

I 0.030 0.16 0.3 0.8 1/2

II 0.045 0.20 0.5 2.0 2/3

III 0.060 0.24 0.8 3.3 1

a = spectrum ordinate at T = 0 for ordinary buildings,

divided by g

C = ordinate of flat portion of spectra for ordinary

buildings, divided by g

T1 = T at beginning of flat portion, in sec

T2 = T at end of flat portion, in sec

k = exponent of T2/T in descending branch
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Table 2. Allowable Ductility Factors (Abridged)

1. Allowable Ductility Factor: 6.0. Buildings having moment resisting steel

or concrete frames. Well defined yield point. Compact steel sections.

Helically reinforced concrete columns or equivalent. Load factor 1.4

for brittle modes of failure. Special design at plastic hinges.

v . IV > 0.80.min -
2. Allowable Ductility Factor: 4.0. Buildings having moment resisting or

braced steel, timber, or concrete frames or concrete shear walls provided

unaided frames can carry at least 25 percent of horizontal forces.

v . IV> 0.65.
min -

3. Allowable Ductility Factor: 2.0. 8uildingshaving timber, concrete, or

confined solid masonry resisting elements.

4. Allowable Ductility Factor: 1.5. Buildings having the foregoing structural

systems and reinforced or confined hollow masonry shear walls that comply

with certain limitations.

5. Allowable Ductility Factor: 1.0. Other buildings; other structures; other

structural materials.

v = safety factor for story shear; vmin minimum in entire building; V= average

for all stories.
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Fig 2. Design spectra for computation of deformation
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Fig 3. Effects of ductility on design spectra
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Fig 4. Asymmetric force - deformation curve
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Fig 5. Force...,.deformation curve for ductile braced
structures
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Deformation

Fig 6. Elastic nonlinear force-deformation curve

Fig 7 . Structure exhibiting asymmetrical force-deformation
curve
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WORKSHOP ON EARTHQUAKE-RESISTANT REINFORCED

CONCRETE BUILDING CONSTRUCTION (ERCBC)
University of California, Berkeley, July 11-15, 1977

EARTHQUAKE RESISTANT REINFORCED CONCRETE BUILDINGS IN
MEXICO: RESEARCH NEEDS AND PRACTICAL PROBLEMS

Luis Esteva*

INTRODUCTION

This paper is complementary of Ref. 38. Together, both papers intend
to describe the state of knowledge and practice of earthquake resistant
design of reinforced concrete building construction in Mexico. Ref. 38
deals with the technical bases for the recently promulgated regulations
(1), while the present paper concentrates on research needs and design
practice achievements and weaknesses.

Development of seismic design technology has been largely based on
engineering judgement and interpretation of observed response of struc
tures during severe shocks. Seismic design coefficients have reached
their present values through successive approximations to what engi
neers and code writers have implicitly deemed optimal, and many limi
tations of design norms in force at a time have been disclosed during
strong earthquakes. As the characteristics of new constructions depart
from the former ones, direct extrapolation of past experience is of
more limited value and support of basic knowledge is required. The
practice of seismic design of reinforced concrete building construction
is affected by technical progress in a variety of fields, of which the
most significant can be broadly grouped into behavior of reinforced con
crete members and systems, dynamic response, structural analysis, 
optimum design decisions and innovative design. Some of these fields
cover problems specific to reinforced concrete structures, while others
are significant for other type of construction as well.

~, Instituto de Ingenieria, Ciudad Universitaria, Mexico 20, D. F.



BEHAVIOR OF REINFORCED CONCRETE MEMBERS AND SYSTEMS

Modern design codes, in particular those in force in Mexico at present,
explicitly deal with ductility concepts. Design spectra are rationally
derived from linear response spectra for given values of ductility fac
tors; but these factors have not stemmed fr.om detailed knowledge orthe
probability distributions of ductilities that can be developed by different
kinds of structures. Instead, they were indirectly obtained after estab
lishing design coefficients and spectra that seem acceptable in the light
of the seismic performance of a number of structures designed in ac
cordance with given prescriptions. The fact that actual structural peE.
formance is usually obscured by the participation of non-structural ele
ments and the need to extrapolate ductility-based design requirements
to new classes of structural systems make it desirable to acquire a
detailed understanding of behavior of members, systems and local de
tails when subjected to high stress reversals.

Ribbed fiat plate systems

Owing to its light weight, ribbed flat plate construction is extensively
used in buildings resting on the soft clay formation of Mexico City.
The floor system consists of an orthogonal grid of small reinforced
concrete ribs (depths range from 30 to 50 cm, and widths from 8 to
15 cm; center to center distance between ribs ranges from 70 to 150
cm) and a continuous flange of the same material connecting their up
per portions. In the immediate vicinity of the intersection of the cOl
umns with the floor system the assembly of ribs and flange is replac
ed with a rectangular portion having the same depth as the ribs (see
Fig. 1). Design and analysis specifications are those developed for
solid flat plates; their validity should be questioned, as differences
between relative values of bending and torsional stiffnesses of both
types of systems may cause marked discrepancies betwe«ffi values of
panel stiffnesses to be used in the lateral load analysis of structural
frames and in the evaluation of displacements. These differences are
surely reflected also in the internal stresses within the panels.

The most critical concept in the earthquake resistant design of these
systems is their capacity to provide continuity between columns and
panel elements for the types of internal forces produced by lateral
loads. As in ordinary flat plates, failure may take place by diagonal
tension along a critical section that lies around the intersection of the
column and the plate; but in this case an additional mode of the same
type must be considered, now with the critical section lying along the
perimeter of the constant thickness portion adjacent to the column.
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Tests on solid flat plates show that shear failure arround columns tends to
dominate over bending moment, on account of the latter being distributed over
a large width (34). This makes difficult to obtain large ductilitity values, even
when failure is initiated by yielding at those sections where bending stresses
are highest. The problem persists in riboed flat plates. Ductility factorf
adopted in Mexican regulations for design of the systems do not differ from
those used in reinforced concrete beam-column frames; however, adequacy
of those factors and of the strong-column-weak-girder concept should be
verified in the light of tests of the systems under consideration under the
action of severe alternating lateral loads.

Ductility of reinforoed concrete shear walls

The capacity of slender reinforced concrete shear walls has been attest
ed by laboratory experiments (2). The possibility of buckling of the wall
free edges along the story height is the main hindrance to the mentioned
capacity; the problem is usually circumvented by providing the wall edges
with stiffening elements running along them. Because of the significant
architectural advantages of using unstiffened walls, the influence of slen
derness on their response to cyclic applications of bending moments and
shear-forces in the wall plane should be studied. Additonal questions
should be posed concerning the significance of the interaction of these
forces with the lateral sway of the wall produced by first-order dis
placements normal to the wall.

Low-aspect-ratio shear walls

Most experimental research on the cyclic-load performance of reinforc
ed concrete shear walls has been caried out on walls with high ratios 
of total height to width (aspect ratios). These tests have shown that
overall bending and diagonal tension capacities can be evaluated by con
ventional ultimate load criteria usually applied to reinforced concrete
beams. Overall bending under the action of forces in the wall plane
can then be forced to be the critical failure mode through adoption of
adequate safety factors with respect to that mode and to other potential
modes such as edge buckling or diagonal tension; but for aspect ratios
smaller than about 1. 5, conventional beam design is no longer applicable
and the probability of failure in shear is overwhelmlingly larger than in
bending, unless shear load factors are increased much above ordinary
levels. Available results show that failure patterns in the walls under
consideration deviate significantly from those taking place in high -aspect
ratio walls; reinforcement patterns required to attain some degree of
ductility should reflect qualitative differences in behavior.



High-ductility reinforced concrete structures

Mexican regulations require that seismic design spectra be obtained by
adequate reductions of specified elastic response spectra, and the reduc
tions imply ductility factors ranging from 1 to 6. Ordinary reinforced
concrete frame buildings are assigned a ductility factor of 4. This fili
ure can be raised to 6 provided some special requirements are fulfilled:
that all columns have 'transverse reinforcement capable of confining the
core to a degree comparabie to that of a standard helix; that load fac
tors for shear and diagonal tension, torsion, instability and other forms
of brittle failure be taken as 1. 4, instead of 1. 1 specified for the com
bination of permanent and accidental loads; that provisions be adoptedto
permit the formation of the number of plastic hinges necessary for the
development of ductile story behavior in a plastic collapse mechanism
should lateral forces be high enough, and that safety factors with respect
to story shears be essentially uniform throughout the structure. At pla~
tic hinges, longitudinal reinforcement is required to have a defined yield
zone; yield stresses higher than 4200 kg/ cm2 (60,000 psi) are not permitt
ed. Some of these regulations are probably too stringent, in particular
the limit to yield stress of reinforcement at plastic hinges, the value of
1.4 proposed for the load factor associated with some failure modes and
the need to use :helically reinforced columns throughout the structure.
Comparisons of preliminary designs for ductil'ity factors of 4 and 6 do
not show any substantial saving in the initial cost for structures designed
and detailed in accordance with the requirements specified for the higher
value; hence there is little motivation to go through the additional require
ments. Nevertheless, because well detailed structures are bound to sufrer
little damage, economic advantages associated with lower expected costs
of failure and damage may constitute the most significant asset of the
high ductility alternative. The extent of this advantage has not been eval
uated, nor the possible reduction in ductility because of release in re- 
strictions.

Interaction between reinforced concrete frames and infill diaphragm.s

Reinforced concrete frames infilled with clay-brick or hollow-concrete
block diaphragms provide an efficient manner of resisting seismic-forces.
Although at the cost of extensive damage, these diaphragms have shown
their capacity to absorb energy during strong earthquakes; but this capac
ity rests on the development of interaction stress between diaphragm and
frame (Fig. 2). When a system of lateral loads acts on an infilled frame,
tensile stresses develop at some regions in the diaphragm and at some
portions along the frame-diaphragm interface. Tensile capacity is reach
ed at low lateral forces, and cracking first occurs there. The diaphragm
then acts essentially as a compression strut, with its ends thrusting upon
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the frame corners, creating a complex pattern of internal stresses. Fur
ther increase in lateral loads may give place to diagonal cracking of the
diaphragm, and then, eventually, of the frame corner. In the latter case,
the system 1s capacity suddenly drops. However, if cracking of the frame
conrner is prevented, the system can still undergo significant additional
deformations at essentially constant load. Deterioration of the energy
absorbing capacity for further loading cycles strongly depends on the be
havior of the frame corner. Hence the convenience of formulating ade
quate design and detailing criteria.

System identification

Present design coefficients and safety levels are largely the result of
engineering judgement and interpretation of the response of structures
to severe ground shaking. Rational criteria for predicting structural
responses and for establishing optimum values of the design parameters
have undergone a drastic evolution in the last few years, and the com
putation capabilities have not lagged behing; but our limited knowledge
about the properties of structural systems precludes taking full advantage
of those criteria and capabilities. Response spectra for different damp
ing ratios and ductility levels for given accelerograms can be obtained
at the touch of a button, and with comparable ease can the response
history of a nonlinear system with arbitrary damping matrix be determin
ed; but the properties of actual systems, that should be fed into the 
magnificent computer programs available, are far from known. Such
apparent contradiction finds its justification in the difficulties inherent
to determination of the relevant properties of structural systems for a
wide range of stress levels, including those produced by destructive
earthquakes.

Extrapolation of past experience about seismic response of structures
does not suffice for predicting behavior of those to be built, as construe
tive practices, structural concepts and architectural details evolve rapidl.y.
Research should cover determination of natural frequencies and damping
ratios for more than one natural mode, .shaking-table tests on large
models, deployment of strong motion-instrument arrays on important
structures and analysis of the records obtained during severe ground
shaking. Instrumentation of models and actual structures should be
such as to permit determination of force-deflection curves for a number
of structural assemblages at different stress levels; quantitative criteria
suitable for practical applications should be formulated aiming at the
definition of these curves for first load application and of the laws go
verning their degradation under subsequent load cycles.

However significant the recording of the response of full-scale structures
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can be, analysis of its outcome is not an easy undertaking: to mention
just two factors contributing to the difficulty, nonlinear behavior is influ
enced by interaction between structural responses to several simultaneous
components of ground motion, and separation of the contributions of "stru£
tural" and "architectural" elements to the mechanical properties of a sys
tem is practically impossible. Therefore, the role of the studies on the
seismic response of full-scale structures should be complementary to that
of model testing: the latter should produce criteria for defining the mechan
ical properties under discussion and the former should aim at calibration
of these criteria and at correlating structural response with consequences,
including human distress and economic loss.

Non- standard details

Stress paths and stress concentrations at joints between reinforced con
crete structural members are complex and difficult to estimate at the
design stage, and so are the laws governing concrete behavior under such
patterns. In the absence of factual evidence or simple criteria, design
of joints and special details is seldom based on more than intuition.
Limitations of such a practice remain often concealed for years until an
earthquake discloses them. In some instances negative consequences
stem from sheer negligence, while in others they can be ascribed to
ignorance. Not even such standard details as the interior beam column
connection had been studied until a few years ago (3) and it was no small
surprise' discovering all the precautions necessary for the design and
construction of sufficiently strong and ductile unconfined knee-joints (4);
much more difficult are problems arising from the behavior of less
efficient and more complicated types of connections (Fig. 3) whose use
will not be abolished, however troublesome it is to structural engineers,
as the exterior configuration of these connections is often essential to
the architectural project. Given that those details will remain in use,
we ought to try to understand their behavior and produce design recom
mendations. Studies should include cyclic load tests at high stress levels
and finite elements analysis of stress distribution for first load application.

Small scale mod.els

Detailed knowledge about materials behavior and capacity to produce ana
lytical models of complex systems does not suffice to eliminate the need
for performing tests on physical models. Because costs of laboratory
tests grow very ra.pidly with specimen size, small scale models are
mandatory. Important conclusions concerning the static behavior of shear
wall systems have been obtained by tests on models to scales in the order
of 1:4 (35). For smaller scales, representativity of models is not per
fectly understood, although some comparisons between the responses of
model and prototype under monotonous loading are encouraging (36). The
possibility of extending this optimism to alternating loads must awaIt additional

studies.
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STRUCTURAL ANALYSffi

Despite existence of extremely prowerful computer programs for struc
tural analysis, designers often face lack of practical tools applicable to
some special structures, as well as adequate criteria for defining me
chanical properties of members or degrees of fixity in their foundation.
Some of these problems are particular to the structural systems specific
to reinforced concrete, while others arise with other materials as well.

Foundation of shear walls and cores

Stiffness of shear walls and cores strongly depends on that of their foun
dations; the usual hypothesis that those elements are embedded on a 
perfectly rigid base is acceptable when that base is a very stiff formation
or a group of piers or piles, but may furnish unacceptably high system
stiffnessess and unrealistic distributions of lateral forces among frames
and walls for some buildings resting on the soft clay formation in the
Valley of Mexico. Buildings not taller than six to eight stories are
usually founded by partial compensation of their weight and those having
up to about 15 stories are founded on friction piles. A "rigid" box
constituted by an orthogonal gridwork of girders and upper and bottom
slabs provides control of differential settlements. Bases of shear walls
and cores are embedded on the girders; support flexibility depends on
the local foundation-box deformability and on its interaction with the soil.
Numerical tools required for the theoretical study of this prob~em are
available (5, 6); there is need only to explore the significance of the
problem for various ranges of the relevant parameters and to produce
practical rules applicable in design practice.

Seismic settlements of structures founded on soft soil

Limitation of differential settlements constitutes a basic criterion for
the design of foundations on compressible soil. Although the matter is
seldom explicitly dealt with in quantitative terms, and although procedures
of structural analysis that account for the interaction between foundation
and soil are less frequently applied for the estimation of differen tial
settlements under permanent loads, the latter are intuitively controlled
by adopting foundation depths and cross sections deemed to have shown
satisfactory performance under similar conditions; but differential set
tlements produced by seismic forces and their influence on stress dis
tribution throughout the system are usually not eValuated.

An even more difficult problem of analysis arises when overturning
moments are high enough to lead to a transient situation where compres
sive stresses acting at the soil-foundation interface are overcome within



part of the interface and the foundation acts as a cantilever subjected to
uplifting forces transmitted by the columns (Fig. 4).

In -plane deformability of floor diaphrams

Buildings having narrow or highly irregular plans and irregularly distribut
ed stiffnesses of lateral-force-resisting elements can pose special problems
of structural analysis: the in -plane deformability of floor diaphragms can
be of the same order as that of the vertical elements, and the usual hy
pothesis that the diaphragms are infinitely rigid no longer holds. As a
consequence, shears acting on stiffer elements are lower than those pre
dicted under the hypothesis mentionded, and the reverse is true for the
more flexible ones. ll,ough estimates of the deviations in some particular
instances attest to their practical significance; however, no clear rules
p.ave been furnished to designers concerning the ranges of variables within
which the effect can be discarded, and application of available computer
programs that idealize each diaphragm as an assemblage of finite elements
would entail inadmissible computer costs. An alternative method of anal
ysis has been envisaged, based on defining the in-plane deformed configu
ration of each diaphragm by a small number of parameters; but the detail
ed formulation and implementation of the method are yet to materialize. -

Irregular building plans

Flat plate construction offers significant advantages for moderately tall
buildings in Mexico; especially important among them is the flexibility
that it permits in the location of columns, which do not need to be align
ed according to two orthogonal sets of frames (Fig. 5). But this ap- 
parent advantage has turned into drawback, as abuse of flexibility has led
to extremely irregular plans where concepts such as center strip and
column strip, ordinarily used as basis for defining the distribution of
bending moments, cease to exist. In the lack of simple methods of anal
ysis the mentioned distribution is ordinarily estimated on the basis of 
very crude assumptions and at the expense of undersirable cracking.
Here again, availability of finite element computer programs capable of
handling these problems has not satisfied the designer's need of a
compromise solution between crude assumptions and computer costs.

Analysis of ordinary beam -column systems where frames are contained
in oblique planes has received no better attention than the foregoing
problem.

DUCTILITY DEMAND

Use of ductile materials is no token for good seismic performance.
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Parallel to studies oriented to determining local and overall capacities
of structural details, members and systems to dissipate energy through
ductile hysteretic behavior, significant efforts must be devoted to under
standing the parameters that affect the distribution of ductility demancls
throughout a structure and to develop prescriptions to account for those
demands in design practice.

Extensive research has been conducted in the last few years, aiming at
estimating ductility demands of nonlinear structures. In nearly all
cases, systems studied have been intended to represent building frames,
either as assemblages of beams and columns or as shear systems (7 -12)
individual members or sections are assumed to behave in accordance
with bilinear hysteretic models. Results show that as a rule local duc
tility demands are not uniform throughout _ the building height, that their
distribution is influenced by those of stiffnesses and strengths, and that
sensitivity thereto is higher for shear systems than for beam-column
assemblages. Other load deflection curves have been studied (13-16)
and their results used to assess the range of validity of ductility based
lateral force reduction criteria and to formulate special requirements
applicable to various types of load-deflection curves. For instance, the
latest Mexico City seismic design regulations (1) make ductility factors
and hence seismic design coefficients - depend on the variability of actual
safety factors throughout the building height. This variability is usually
ascribed to some stories being stronger than specified, as a consequence
of architectural requirements or presence of non-structural elements.
For a ductility factor of 6 to be applicable, the requirement is imposed
that the minimum safety factor with respect to shear at any given story
not depart by more than 20 percent from the average of the correspond
ing safety factors in the other stories; a similar provision exists for 
the ductility factor to be taken equal to 4, but with the 20 percent re
striction released to 35. The influence of a large number of significant
variables is neglected, because of lack of systematic studies.

Structural framin& and ductility demands

There is no reason why the distribution of ductility demands found valid
for building frames that respond essentially as shear systems should be
applicable to structures characterized by different types of stress paths.
An obvious example of the discrepancies to be expected is found in the
ductility demands at the ends of beams impinging on the edges of a
slender shear wall: owing to overall bending deformations of the wall,
beam end rotations and vertical deflections are negligible near the wall
bottom and increase substantially as one moves towards the top.
Accordingly, bending moments predicted by linear structural analysis at
the ends of the mentioned beams are negligible near the bottom and
inadmissibly high near the top. Not infrequently designers explicitly
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recognize the need for permitting the concentration of ductile deformations
at some spots, instead of trying to design for the internal stresses predict
ed by linear analysis; this practice entails substantial differences in ductility
demands throughout the building height, over and above those to be expected
as a consequence of the inadequacy of linear methods of dynamic analysis
in the case at hand. In addition, there is practically no information about
ductility demands on the wall itself. The situation is no better when one
talks about a number of usual structural systems, namely braced or truss
ed systems, chimney stacks and many others where overall bending defor
mations are significant.

Force -deflection curves

Differences in global or local force-deflection curves usually stem from
differences in materials used, but can also result from differences in type
of framing. Design requirements of modern codes are largely based on
results of dynamic-response analysis of elasto-plastic systems. Not much
attention has been paid to studying the implications of other types of behav
ior on optimUm design coefficients. Other pertinent load -deflection ideal::::
izations are depicted in Fig. 6. Lateral strengths required for not ex
ceeding given ductility demands in these systems are as a rule greater in
10 to 50 percent than those valid for the conventional elasto-plastic system
(13-16).

In the asymmetric elasto-plastic case, yield strength is different in each
direction of load application. This happens, instance,because gravity loads
increase or decrease the lateral capacity of the second story of the sys
tem shown in Fig. 7, depending on whether the vertical reaction to force
Q2, transmitted to beam AB at 0, is direCted upwards or downwards.
Ref. 13 shows that ductility demands can be greater by about 50 percent
than those obtained for a conventional elasto-plastic system having a lateral
capacity equal to that of the weakest branch of the asymmetric one. These
increments have been explicitly accounted for at least in one design code
(17), by means of the factor (1 + 10r)!(5 + 6r) (r equals the ratio between
larger and smaller lateral capacities of a given story in the direction of
analysis) to be applied to the lateral force coefficient.

Slip-type curves (Fig. 6) usually arise when lateral loads are carried by
elements such as slender cross braces or tie cables, which can only carry
tensile forces. Associated increments in ductility demands estimated with
the criterion of equal strain energy (IS) have led to corrective factors
for the lateral force coefficient of up to 1. 7. Further studies (19) have
shown that global ductility demands can be kept essentially equal to those
of the conventional reference system if 25 percent of the total lateral
capacity is provided by a system that responds elasto-plastically.
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Yielding elastic Cll-rves constitute close approximations to the behavior of
some prestressed concrete beams subjected to antisymmetric end moments;
these curves have very narrow hysteretic loops (15). Mexican regulations
call the attention to the problem, but do not provide expressions to cover
the resulting enhancement of response.

Degrading curves (Fig. 6), are frequently found in systems where a sig
nificant portion of the lateral capacity resides in brittle materials and
where no special precautions have been taken to prevent excessive damage
in each cycle of load application. Such is the case, for instance, in poorly
detailed reinforced concrete frames. Differences in the influence. of stiff
ness degradation for reinforced concrete structures design and built under
different specifications are reflected in Mexico City's 1976 regulations:
ductility factors of 6 or 4 are specified depending on a number or conditions,
one of which is the adoption or not of a set of reinforcement details in
spired on those proposed by ACI as mandatory on structures to be built
in seismic areas; another is that the higher ductility factors cannot be
adopted for structures with shear walls, diaphragms or bracing members.
When there are elements of these latter types, use of ductility factors of
4 requires that the strength of the frames themselves be at least 25 per
cent of the total.

Slenderness effects

Unstable curves (Fig. 6) can result from the action of large vertical
loads on deformed structures. Influence of instability effects on ductility
demands and on safety against collapse can be more significant than that
associated with the features of the curves previously discussed, and is
usually controlled in design practice by the specification of amplification
factors for lateral deflections and internal forces that account for incre
ments associated with second order effects. Mexican regulations propose
that story sways corresponding to design lateral forces and multiplied by
the ductility factor be amplified by the factor (W / h) / (R / Q - 1. 2 W/ h),
obtained in Ref. 20, as an approximation valid for frame systems subject
ed to static lateral loads; h is story height, R story stiffness, Q ductil[
ty factor (hence, R/Q = equivalent story stiffness), and W is weight of 
the portion of building above the story considered. Dynamic responses
of a number of multistory elasto-plastic shear systems have been comput
ed using a step-by-step procedure for the two alternate assumptions of 
considering and neglecting slenderness effects, and for three accelerograms
recorded on soft soil in Mexico City. Ratios of story sways for these
two assumptions show that amplification factors can be in some cases
much larger than computed by the expression given above, particularly
for structures haviilg natural periods shorter than those corresponding
to the peaks of acceleration spectra (21). Such conclusions were obtaii'J.
ed even for lateral stiffnesses significantly greater than the limits impi}



ed by the restrictions imposed on story drifts. The phenomenon is
probably, though, of little consequence as its effects seem to be cover
ed by the ordinates of the design spectrum, characterized by a flat 
constant-ordinate region for a wide range of periods shorter than that
corresponding to the spectral peak. It is believed that the problem
has not been sufficiently studied.

The question of residual displacements has to be looked at in the
framework of slenderness effects.

Ductility and base rocking

SOil-structure interaction can be represented approximately by a founda
tion mass supported on a set of linear springs and dampers. Overall
system deflections are the result of structural deformations and founda
tion displacements. Under strong earthquakes, structural members 
develop as a rule a more pronounced degree of non linearity than the
foundation, and to a nominal value of overall system ductility demand
there corresponds a higher value for the structure. Soil-structure
interaction increases a system I s natural periods and damping, but often
the net result is the occurrence of large ductility demands than if the
soil were perfectly rigid. A preliminary study (22) shows that under
extreme conditions ductility demands can increase several fold, particu
larly at the top stories of tall buildings, which suggestis the preponder
ance of foundation rocking. The problem may have been overemphasiz
ed, however, because tall buildings will usually be founded on piles, and
rocking loses importance.

A preliminary draft of the present code called for a reduction to allow
able ductility values in terms of the ratio between contributions of 
structural and foundation deformations to the top deflection. Its pro
mulgation was deferred for need of response analyses and cost-benefit
studies.

Ductility and torsion

Observations about the seismic performance of some asymmetric struc
tures suggest that excessive amplification of torsional oscillations may
result when nonlinear structural behavior gives place to eccentricities
that grow with response level (23). The influence of this property on
ductility demands has been studied using step-by-step analysis of several
multistory asymmetric shear buildings (24). Lateral stiffness and
strength were provided by pairs of shear diaphragms located at the
building ends and oriented in the direction parallel to ground motion.
Buildings were symmetrical as regards mass distribution, but not with
respect to stiffnesses. The diaphragms were designed according to
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the results of modal analysis for the spectral ordinates corresponding to
a number of accelerograms and given ductility levels. Load factors were
taken as unity. Then the stiffer diaphragm was redesigned for a higher
load factor, aiming at producing a structure with the property mentioned
above, and the dynamic responses for the original and the modified sys
tems were computed. Contrary to expectations, no increase in the
ductility demand -in the softer diaphragm resulted from overdesigning
the stiffer one; this may be due to increased capacity for direct shear.

Response to two-dimensional excitation

Interaction between stresses and strains produced by two orthogonal
components of ground motion gives place to interactinn between the
available ductilities of frames parallel to these components. When due
tility develops essentially in the girders, as expected whEm design
follows the strong-column-weak-girder concept (10), interaction takes
place only at the bottom of ground -floor columns; neither its influence
on the laws governing the distribution of ductility demands in complex
systems nor its significance in design have been assessed.

Response of nonlinear structures on soft soil

Practicq.lly all research concerning the computed seismic response of
nonlinear systems has used accelerograms obtained on firm soil or
simulated records inferred from them. Relations between the responses
of linear and nonlinear systems are doubtless sensitive to variables such
as shock duration and frequency content. Adequate relations should be
established for a wide range of ground conditions.

SYSTEMS FOR SHOCK ISOLATION AND ENERGY ABSORPTION

Research and practice in earthquake engineering have been mainly ori
ented to the detailed study of conventional solutions. They have con=
centrated on devising procedures for the prediction of structural re
sponse and on providing the cross sections and reinforcement patterns
required for strength and ductility; innovation has been nearly non -ex
istent.

The idea of· isolating structures from the ground motion can be traced
back to the flexible first story concept (25), which never became prac
tical, on account of the problems posed by slenderness effects. The
idea has been revived in the last few years (26,27), and a variety of
systems have been proposed capable of deforming laterally without
taking significant loads and without the risk of instability failure; such
are, for instance, roller bearings (28), hanging supports (29) and pads



built with very flexible materiales (30). Absolute isolation is not desir
able because relative displacement between building and foundation wou:ld
be excessive and because of the need to resist wind loads. Use of ad
ditional elements has been suggested, acting in parallel with the motion
isolators and capable of providing hysteretic damping and small lateral
strengths (31). Numerical studies of structural response have been
conducted (32, 37) and preliminary designs of particular systems obtain
ed aiming at stUdying costs and benefits (32). Initial cost must be 
compared with the savings from reductions in strength requirements
for the structures and with the long term advantages of improved seis
mic performance.

Only one case is known to the author where a system of the type just
described has reached the construction stage: it is a three-story school
building whose column footings rest on beds of steel balls. Inmediate
research programs foresee placement of strong motion instruments in
this building and its foundation, as well as shaking-table tests on models
of various types of Shock isolators.

Use of removable devices intended to dissipate energy at the expense
of damage has been advocated, but seldom implemented, probably for
lack of data concerning their behavior.

DESIGN OPTIMIZATION

Engineering design is rooted on society's need to optimize. It implies
considering alternate lines of action, assessing their consequences and
making the best choice. In earthquake engineering, every alternate
line of action includes adoption of both a structural system and a seis
mic design criterion, while assessing its consequences requires esti
mating structural response and hence the expected cost of damage.
The choice is based on a comparison of initial, maintenance and repair
costs for the various alternatives. This implies the prediction of prob
ability distributions of costs of damage in structural and nonstructural
members for given intensities.

Structural safety

Nominal values of design variables, safety factors and implicit safety
levels have been traditionally established by trial and error and engineer
ing judgement. The theory of structural reliability has provided the 
framework for recent attempts to attain consistency among those rules
and to extrapolate them to more general conditions. Simplified formu
lations derived from the basic concepts have led to design criteria -
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which approach consistency while not departing from the simplicity requir
ed by practical applications. Nominal values of design variables are 
chosen so that the probability that each variable will adopt a more unfa
vorable value does not exceed a certain limit, which is related to the
overall probability of failure for the complete system. Relations between
member and system safety depend on the types of potential failure modes
and on the probability distributions of the mechanical and geometrical
properties involved, including spatial correlations among them. Wbile a
reasonable stock of information is available concerning the distributions
of individual variables, little is known about their correlation. This lack
of information can be ascribed to the fact that it has never been asked
for, as little effort has been spent on reseanch on system safety.

Design criteria for the revision of safety conditions are USUally stated in
terms of the ratio of structural capacity to internal load at each individual
critical section. The effect under study must hence be accounted for by
making required safety factors vary with the number of critical sections
involved in a failure mode. This is the basis for the prescription in the
1976 Mexico City code (1) stating that the generalized force acting on
every shear wall or column that takes up more than 20 percent of the
story generalized force (shear, torque or overturning moment) be in
creased 20 percent; or by the prescription concerning non redundant sys
tems in ATC recommendations (33) stating that when a building system 
is designed or constructed so that the failure of a single member, con
nection or component would endanger the stability of the building, that
member, connection or component should be provided with a strength at
least 50 percent greater than required otherwise. Discrepancies be
tween the two criteria described are sufficiently important to justify a
detailed study of the problem. An obvious weakness of both is that they
ignore the influence of member size (i. e. a column vs a shear wall) in
the uncertainty associated with its strength.

Cost-benefit studies

Relations between structural response, damage and repair cost find ap
plications in determining expected costs of damage for given intensities.
The latter information is of use in formulating seismic design decisions
and in estimating expected costs per unit time, for insurance purposes.
Formal application of cost-benefit studies to decision making in earthquake
engineering is often hindered by problems that arise in evaluating ma
terial losses given structural response or in the expression of dif
ferent types of failure consequences in the same unit or, more spec
ifically, in assigning monetary values to concepts such as panic,
loss or prestige, or injury and death. In spite of these dif
ficulties, qualitative conclusions can be derived from informal compari-



sons of initial investments and expected performance. Progress in this
area is desirable, as the influence of these criteria on initial and deferr·
ed costs can be quite significant. Future research should cover the deN
nition of failure consequences and calibration of the results of theoretical
cost-benefit models with those of intuitive, informal optimization.

CONCLUDING REMARKS

Modern reinforced concrete buildings must be designed for earthquakes
according to criteria that account for nonlinear behavior and ductility
demands. Available ductility is very sensitive to reinforcement details
and to ratios of safety factors with respect to different failure modes.
Needed research encompasses a variety of fields, such as determination
of stress - strain laws for structural assemblages under alternating cycles
of severe loading, study of nonlinear response of systems with different
stress - strain laws, influence of soil-structure interaction, torsional
oscillations and slenderness effects on the mentioned response, devel
opment of systems for shock isolation and energy absorption, and basic
studies on structural safety and design optimization.
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WORKSHOP ON EARTHQUAKE-RESISTANT REINFORCED
CONCRETE BUILDING CONSTRUCTION (ERCBC)

University of California, Berkeley, July 11-15, 1977

ACCOMPLISHMENTS AND RESEARCH AND DEVELOPMENT
NEEDS IN NEW ZEALAND

by

R. Park
Professor of Civil Engineering

University of Canterbury

INTRODUCTION

New Zealand is situated in part of the seismically active circum-
Pacific belt. The early settlers, coming from non-earthquake countries,
introduced few measures for earthquake resistance in their buildings. However,~

the Napier earthquake of 1931 caused the collapse of many masonry buildings
and was responsible for the loss of some 256 lives. This event resulted in a
shift in emphasis of building type from load bearing masonry to framed
buildings. Codes for earthquake resistant design in New Zealand have
gradually evolved since the Napier earthquake. During the last decade,
particularly, much attention has been given to earthquake engineering, and
seismic provisions now dominate most design procedures in New Zealand. The
Standards Association of New Zealand has the responsibility for the issue of
design codes.

The New Zealand Society for Earthquake Engineering was formed in 1968.
since 1974 it has been the New Zealand National Society for Earthquake
Engineering. The aim of the Society is the advancement of the science and
practice of earthquake engineering. Engineers, scientists, architects,
contractors, and all who have an interest in earthquakes and their effects,
are eligible for membership. The Society publishes a quarterly Bulletin
containing a wide range of papers on earthquake engineering, and has organised
conferences on earthquake engineering which have been of great value to the
profession in New Zealand and neighbouring countries.

A good deal of research has been conducted in New Zealand into aspects
of earthquake resistant design. Most of the experimental research has been
conduct~d at; the laboratories of the University of Canterbury, Universi ty of
Auckland, the Ministry of Works and Development, and the Department of Scien
tific and Industrial Research. The analytical research has been conducted
by those organizations along with major consulting engineering firms. Most
of this research has involved reinforced concrete structures, because rein
forced concrete is the most used building material in New Zealand mainly for
reasons of economy and availability of local materials.

This paper reviews the current situation regarding codes for the seismic
design of concrete structures in New Zealand, and discusses aspects of
research and development which have been conducted in this country during
recent years. Areas of difficulty where further research is required are
emphasized.
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CODES FOR THE DESIGN OF EARTHQUAKE RESISTANT
CONCRETE BUILDINGS IN NEW ZEALAND

Code for General Structural Design and Design Loadings for Buildings

The current New Zealand code covering general requirements for structural
design and design loadings for buildings, NZS 4203 [1] was published in 1976.
This Code allows design by the "strength method" or by the "working stress
method". The working stress method is referred to as the "alternative
method"· in the Code to emphasize that the strength method is to be preferred.

For the strength method the load factors have been derived from ACI 318
71 [2]. The design loads U involving combinations of service dead load D,
reduced service live load L, and earthquake load E, should not be less
than which ever of the follo~ing combinations gives the greatest effect:

U

U

U

l.4D + 1. 7LR
1. OD + 1.3L

R
+ E

0.9D + E

(1)

(2)

(3)

The reduced service live load L
R

is found by multiplying the service
live load by a reduction factor which depends on the use of the building and
the tributary area of floor or roof supported by the structural member. In
equivalent static force analysis the total horizontal seismic force V on
the building is given by:

V (4)

where W
t

is the total reduced gravity load equal to service dead load plus a
proportion of the service live load (typically one-third of the service live
load), and

CISMR (5)

where C is the basic seismic coefficient which varies between 0.15 and 0.05,
depending on the seismic zone (there are three seismic zones in New Zealand),
the period of the structure, and the subsoil condition; I is an importance
factor which varies between 1.6 and 1.0, depending on how essential it is that
the building should be functional after a seismic disaster; S is a structural
type factor equal to 0.8 for ductile frames with an adequate number of
possible beam plastic hinges and ductile coupled shear walls, and having a
higher value for less ductile structural types; M is a material factor equal
to 1.0 for reinforced concrete and 1.2 for prestressed concrete; and R is a
risk factor equal to 1.0, unless the building accommodates large numbers of
people or contains high risk chemicals or other materials when a greater value
is used. For buildings with equal floor loads the distribution of V up the
height of the structure is triangular with the greatest horizontal load at the
top, except that for buildings with a height to width ratio greater than 3,
0.1 V is considered concentrated at the top storey and the remaining 0.9 V
is distributed up the height. To provide for shear resulting from torsional
motions the applied horizontal force at each level is applied eccentrically
with respect to the centre of rigidity at that level. Two equations for the
eccentricity of the horizontal load are given, each a function of the



horizontal dimension of the building and the distance from the centre of
rigidity to the centre of mass, and the most unfavourable condition is used.

By way of general seismic design principles the Code requires that
buildings should be designed to be capable of dissipating significant amounts
of energy inelastically under earthquake attack. Buildings designed for
ductile flexural yielding should be the subject of "capacity design" and
should have "adequate ductility". In the "capacity design" of earthquake
resistant structures "energy dissipating elements or mechanisms are chosen
and suitably designed and detailed, and all other structural elements are
then provided with sufficient reserve strength capacity to ensure that the
chosen energy dissipating mechanisms are maintained throughout the deformations
that may occur." An approximate criterion for "adequate ductility" given in
the commentary of the Code is that "the building as a whole should be capable
of deflecting laterally in at least eight load reversals so that the total
horizontal deflection at the top of the main portion of the building under the
loading of Eqs. 2 and 3, calculated on the assumption of appropriate plastic
hinges, is at least four times that at first yield without the horizontal load
carrying capacity of the building being reduced by more than 20%. The
horizontal deflection -at the top of the building at first yield should be
taken as that when yield first occurs in any main structural elements or that
at the earthquake load E calculated on the assumption of elastic behaviour,
whichever is the greater. 1I

The Code recognizes that it is reasonable to design the beams of two-way
frame systems for seismic loading considered separately along each of the two
principal axes of the structure. However it requires that columns or walls,
including their foundations and joints, which are part of a two-way system
should be designed for the concurrent effects resulting from a general
direction of seismic loading which causes the simultaneous yielding of all
beams framing into the column or wall in the two directions.

Ductile frames, according to the Code, should be capable of dissipating
seismic energy in a flexural mode at a significant number of plastic hinges
in the beams, except that energy dissipation by column plastic hinge
mechanisms is permitted in single or two-storey structures and in the top
storey of multistorey structures. Apart from those specific cases, columns
should be designed to have adequate overcapacity to avoid column hinge
mechanisms, taking into account possible distributions of column moments
which may be different from that derived from elastic analysis, and column
loads appropriate to the simultaneous formation of plastic hinges in beams
in several storeys.

Ductile coupled shear walls, according to the Code, should be designed so
that the coupling beams yield before the walls, and the coupling beams should
be detailed so as to be capable of dissipating significant seismic energy.
Only when the yield capacity of the coupling beams, associated with the major
portion of the overturning moment on the structure, is exhausted should the
wall elements yield. Ductile cantilever shear walls should be designed to
ensure that energy dissipation is by flexural yielding and that the wall will
not fail prematurely in a non-ductile manner.
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Code for Reinforced Concrete Design

The current New Zealand code for reinforced concrete design, NZS 3101p
[3], was published in 1970. This Code is based mainly on ACI 318-63 [4].
For ductility provisions for seismic design reference is made in the Code to
the 1968 SEAOC recommendations [5] with some additional requirements concern
ing the anchorage of beam bars in external columns, ignoring the shear force
carried by the concrete in potential plastic hinge zones, and a number of
other factors. This New Zealand Code is now significantly out of date and
it has been the practice of designers in New Zealand in recent years to use
ACI 318-71 [2] with its Appendix A for seismic provisions or a more recent
issue of the SEAOC recommendations.

At the present time the New Zealand concrete design code is being revised.
The new code will be based mainly on the 1977 version of ACI 318, with
additional seismic provisions based on recent research and experience in New
Zealand and elsewhere. The revised form of the New Zealand concrete design
code should be ready for circulation for comment in New Zealand in late 1977.
The background to these seismic design provisions will be discussed later in
this paper.

Code for Prestressed Concrete Design

The current New Zealand code for prestressed concrete design, NZSR 32 [6],
was published in 1968. This Code is also based mainly on ACI 318-63 [4] and
contains no recommendations for seismic design. The Code is being revised at
present. The prestressed concrete provisions will be placed in the same code
as those for reinforced concrete and will also be ready for circulation for
comment in New Zealand in late 1977.

SOME COMMENTS ON GENERAL RESEARCH AND DEVELOPMENT IN NEW ZEALAND
INTO THE SEISMIC RESISTANCE OF STRUCTURAL CONCRETE

Much research into the seismic resistance of structural concrete has been
conducted in New Zealand in recent years, mainly in the laboratories of the
University of Canterbury, University of Auckland, the Ministry of Works and
Development, and the Department of Scientific and Industrial Research. The
experimental work has involved properties of steel and concrete under seismic
type loading; shaking table tests on model structures; pseudo-static load tests
on reinforced concrete model frames and shear walls, beam-column subassernblages,
slab-column subassernblages and slab-wall subassernblages; and pseudo-static load
tests on prestressed concrete beam-column subassernblages. The experimental
work has been accompanied by analytical studies involving dynamic response of
various structural systems to severe seismic ground motions, and theoretical
studies of moment-curvature behaviour and strength and deformation charac
teristics of the range of structures considered. Most of this work has been
reported in the literature and that dealing with reinforced concrete is sum
marized in a recent book [7]. The outcome of the recent work will be dis
cussed in the following sections of this paper.

An activity which has been of great value during 1976 and 1977 has been
a series of meetings organized by the New Zealand National Society for
Earthquake Engineering. The Society is intending to hold a series of Seismic
Design Workshops for structural designers in New zealand to make them more



familiar with the new Loadings Code [1] and with recent developments in
:;;eismic design procedures for reinforced cencrete. 'In the first instance the
Workshops will concentrate on reinforced concrete framed structures. It was
realized however that there are many "grey areas" where there are almost as
many views as there are designers; for example, capacity design procedures,
beam-column joint design, design of plastic hinge regions, protection of
columns, anchorage of bars, etc. Therefore the first step taken was to
organize a series of meetings of a Preworkshop Discussion Group made up of a
number of structural engineers from consulting organizations, the Ministry
of Works and Development and the Universities to attempt to obtain a
consensus view on the range of issues. This Group has now had four meetings
of one or two day duration and has achieved a remarkable degree of agreement
on most issues. Background papers in the form of design recommendations and
commentary were written by individuals and these papers were discussed and
modified at the meetings until agreement was reached. The topic areas of
these papers are: general analysis of frames [8], torsion of frames [9],
design for beam flexure [10], evaluation of column actions [11], design for
column flexure and axial load [12], design for shear on beams and columns
[13], design of beam-column joint cores [14], and parts and secondary elements
[15] . It is expected that the papers in these areas will be published in the
June and September 1977 issues of the Bulletin of the New Zealand National
Society for Earthquake Engineering. The papers will be under the authorship
of individuals but they represent the consensus view of the Group. TWO
further topics, foundations and low ductility frames, will be the subject of
further meetings of the Group. The results of this series of meetings of
the Preworkshop Discussion Group has been invaluable to the Concrete Design
Committee of the Standards Association of New Zealand which has been preparing
the new concrete design code. Some of the design recommendations arising
from the Group discussions are outlined later in this paper.

DESIGN CRITERIA FOR DUCTILITY DEMAND

General

The designer who thinks fundamentally will have difficulty in deciding
the level of ductility necessary at critical sections of the members of
earthquake resistant structures designed to code loading. Codes have been
vague on this point and definitions of "ductility factor" have been various
and confusing. Nonlinear dynamic analyses qf code-designed structures
responding to typical severe earthquake motions have given an indication of
the order of postelastic deformations required,but the number of variables
is so great that no more than qualitative statements can be made at present.
Computer programs capable of nonlinear dynamic analyses of reinforced
concrete framed structures have been developed in New Zealand, for example
[16,17,18,19]. Computer programs for the nonlinear dynamic analysis of
structures involving shear walls have recently been developed, for example
Taylor [20]. Valuable studies have been conducted using these programs.
For prestressed concrete only single degree of freedom systems have been
analysed in New Zealand [21,22,23], but such studies using hysteresis
loop shapes which model the load-deflection behaviour of prestressed and
reinforced concrete systems have shown that a prestressed concrete system
when responding to a severe earthquake will be subjected to a maximum
displacement of about 30% more than that of a reinforced concrete system
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with the same strength, initial period of vibration and viscous damping
ratio. Such studies have resulted in the Loadings Code [1] allocating a
material factor M = 1.2 to prestressed concrete, compared with M = 1.0 for
reinforced concrete, when determining the seismic coefficient. The Loadings
Code [1] indicates that a displacement ductility factor in the order of 4 is
required of ductile earthquake resistant structures and the detailed
provisions for section design,in order to achieve this displacement ductility
factor,are left to the COncrete Design Code.

Confusion has existed in the minds of some designers regarding the
definition of ductility factor, since it can be expressed in terms of
displacements, rotations or curvatures. The displacement ductility factor
l.l =b. Ib. ,where b. = maximum lateral deflection and /:, = lateral deflection at
firs¥ yreld, is ~e value commonly determined in nonlinear dynamic analyses.
Some dynamic analyses have determined the rotational ductility factor of
members 8 18 ,where 8 = maximum rotation of end of member and 8 = rotation
at end ofumell*'er at ff'rst yield. The information needed by the (iesigner
concerns the required member section behaviour expressed by the curvature
ductility factor ¢ I¢ , where ¢ = maximum curvature at the section and ¢
curvature at the sgctron at firMt yield. Thus the required ¢ I¢ value i~ a
far more meaningful index for ductility demand than the otherupo~sibilities.
It needs to be recognised that there can be a significant difference between
the magnitudes of the displacement, rotational and curvature ductility
factors. This is because once yielding has commenced in a structure the
deformations concentrate at the plastic hinge positions and further
displacement occurs mainly by rotation of the plastic hinges. Thus the
required ¢ I¢ ratio will be greater than the 6 16 ratio [7].

u y u y

When calculating ductility factors the definition of first yield
deformation (displacement, rotation or curvature) often causes difficulty when
the load or moment-deformation curve is not elastoplastic. This may occur for
example due to plastic hinges not forming simultaneously in members, or to
longitudinal bars in reinforced concrete members at different depths in the
section yielding at different load levels. In such a case it is suggested
that the "first yield" displacement be taken as the displacement· calculated
for the structure assuming elastic behaviour up to the strength of the
structure in the first load application to yield, as illustrated in Fig. 1.
A similar definition can be adopted for first yield rotation and curvature. Sucl
Such a definition for first yield allows comparison of the effects of
different loop shapes with the same initial stiffness and strength on the
ductility demand.

Load

Fig. 1 Possible Definition for
"First Yield" Displacement
When Load-Displacement
Relationship is Curved.

First yi~ld displac~m~nt

Displacf>mf'nf



261

It is evident that the sequence of plastic hinge development in
structures will influence the curvature ductility demand. Nonlinear dynamic
analyses have indicated that ductility demand concentrates in the weak parts
of structures and that the curvature ductility demand there may be several
times greater than for well proportioned structures. This can also be
illustrated by examination of static collapse mechanisms. Fig. 2 shows a
frame and shear walls which can be used for seismic resistance. Possible

Plastic
hinge

•

I

DO-
DO
DO

Column sides way
mechanism

Frame

--- 1
o
o
o

Beam sfdesway
m£1chanism

Cantilever shear wall
and m€'chanism

Coupled shear wa lis and
m€'chanism

Fig. 2 Building Structures Under Seismic Loading and
possible Mechanisms.

mechanisms which could form due to flexural yielding and formation of plastic
hinges are also shown in the figure. If yielding commences in the columns of
a frame before the beams,a column sidesway mechanism can form. In the worst
case the plastic hinges may form in the columns of only one storey, since the
columns of the other storeys are stronger. Such a mechanism can make very
large curvature ductility demands on the plastic hinges of the critical
storey [7], particularly for tall buildings. On the other hand if yielding
commences in the beams before in the columns a beam sidesway mechanism, as
illustrated in Fig. 2, will develop [7], which makes more moderate demands on
the curvature ductility required at the plastic hinges in the beams and at
the column bases. Therefore a beam sidesway mechanism is the preferred mode
of inelastic deformation, particularly since the straightening and repair of
columns is difficult. Hence for frames a strong column - weak beam approach
is advocated to ensure beam hinging. In the actual dynamic situation higher
modes of vibration influence the moment pattern and it has been found [18]
that plastic hinges in the beams move up the frame in waves involving a few
storeys at a time. For cantilever shear walls the static collapse mechanism
involves a plastic hinge at the base and the curvature ductility demand for
a given displacement ductility factor depends very much on the plastic
hinge length as a proportion of the wall height. For coupled shear walls the
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mechanism shown in Fig. 2 can occur [7] and ideally the beams should yield
before the wall bases to enable easier repair. The static collapse
mechanisms of Fig. 2 are idealized in that they involve behaviour under code
type static loading. The actual dynamic situation is different, due mainly
to the effects of higher modes of vibratio~, but nevertheless considerations
such as in Fig. 2 give the designer a reasonable feel for the situation.

Required Agreement and Further Research

It is apparent that agreement needs to be reached on the various
definitions of ductility factor to avoid the looseness of definition which
exists at present. It is also evident that many more nonlinear dynamic
analyses need to be conducted on a range of building types using a variety of
strong motion records to ascertain the likely curvature ductility demand on
the critical sections to allow the designer to anticipate ductility require
ments with more confidence.

LOADING CRITERIA IN PSEUDO-STATIC LOAD TESTS

General

A great deal of valuable information on the effects of severe earthquakes
has been obtained from tests on structural subassemblagesin the laboratory using
cycles of pseudo-static loading. Structural subassemblages rather than complete
structures have normally been tested due to difficulties with size. Fig. 3
shows a test specimen representing a beam-column joint of a frame. The

+ t t 1 r-lIh-Test ~ • ,I, "~imen

t ~~-- ... t T t- t t Ignores
plI effect

t t t Alternative test
toading

Part of frame

Fig. 3 Beam-Column Joint Test Specimen and Load Application

members extend approximately to the points of contraflexure. It is impossible
in such tests to simulate accurately all aspects of loading and ductility
demand of the actual more complex structure. However if the loading sequence
is severe enough, and if the strength, stiffness and energy dissipation of the
test specimen are found to be acceptable, satisfactory performance of the
actual structure can be confidently expected. In the past a variety of
loading sequences and acceptance criteria have been used by various research
laboratories throughout the world, making the comparison of results difficult
and resulting in different conclusions from tests being reached.

Two loading criteria which have been used in New Zealand laboratories in
pseudo-static load tests are shown in Figs. 4 and 5. The displacement
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Fig. 4 Simple Loading Criterion Fig. 5 More Complex Loading Criterion

ductility factor is calculated using the first yield displacement for the first
inelastic load run defined as in Fig. 1. The simple loading criterion shown in
Fig. 4 involves initial loading runs in the elastic range to establish the
initial elastic stiffness and then four loading runs in each direction to
displacement ductility factors of 4. This criterion follows that recommended
in the New Zealand Loadings Code [1]. The more complex loading criterion
shown in Fig. 5 involves more elastic loading runs to observe,~tiffness changes
between the cycles of imposed inelastic deformations, and cycle'if/of imposed
inelastic deformation with gradually increasing displacement dU~~\ity factor.
It is suggested that the loading criterion shown in Fig. 5 be ad6pte~,since it
allows observation of behaviour at various levels of imposed ductili~y during
the test. A simple acceptance criterion is that the seismic load carrying
capacity should not reduce by more than 20% during the test [1].

Required Agreement and Further Research

The chosen magnitude of the imposed displacement ductility factor, the
number of cycles of loading, and the centre of oscillation of the deflections,
are debatable issues which can only be answered in detail by those who have
conducted extensive nonlinear dynamic analyses. However there is no doubt
that agreement needs to be reached on a standard loading criterion for pseudo
static load tests so that test results can be compared on a consistent basis.
Also,agreement needs to be reached on an acceptance criterion for structural
behaviour.

RESEARCH INTO MATERIAL BEHAVIOUR

Steel and Concrete

The response of structural concrete to seismic loading depends very
greatly on the stress-strain characteristics of steel and concrete. Cyclic
load tests have been conducted in New Zealand on typical samples of reinforc
ing bar and prestressing wire [24,25,23,21,26] and idealizations proposed to
model the stress-strain curves. The idealizations have used mainly the
Ramberg-Osgood equation with empirical values for the constants in the
equation .
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Available experimental data for the monotonic stress-strain
characteristics of concrete confined by rectangular hoops or by circular
spirals has been examined and idealizations proposed for the stress-strain
curvesof concrete so confined [24,27,40]. The idealized monotonic curve has
been assumed to act as the envelope curve for cyclic loading. Idealizations
for the hysteresis loops within the envelope curve have also been proposed
for cyclic loading [24,28,26]. However the experimental evidence is limited
mainly to concrete specimens containing simple square hoops or circular
spirals. There has been very 1ittle testing of concrete confined by the
more complex arrangements of transverse reinforcement typical of columns in
practice.

Such material research is fundamental to work on strength, ductility and
seismic response. The strength and ductility of a structure depends on the
actual stress-strain characteristics of the materials. The seismic response
of well detailed structures depends on the moment-curvature characteristics
of the critical sections,which can be determined from the material
properties [28,26,23].

Required Further Research

More testing is required to clearly define the full stress-strain
relationships for the various grades of steel in use in New Zealand and over
seas so as to give statistical information on actual yield strengths, strain
hardening characteristics, and cyclic loading behaviour. Also, more
experimental work is required on confined concrete specimens, particularly
with various arrangements of overlapping rectangular hoops, rectangular hoops
with supplementary cross ties, and circular spirals, to establish with better
accuracy the empirical parameters which define the monotonic and cyclic
stress-strain characteristics.

BEAMS IN FRAMES

General Aim

Research into the behaviour of beams under seismic type loading in New
Zealand, and recommendations for the design of beams, have aimed at producing
detailing procedures which will result in ductile flexural behaviour at
potential plastic hinge regions and will prevent other non-ductile types of
failure which lead to strength and stiffness degradation.

Longitudinal Steel Content in Reinforced Concrete Beams

The seismic provisions of ACI 318-71 [2] require that the tension steel
ratio should not exceed 0.5 of that producing balanced flexural failure, and
that at column faces the positive moment capacity of beams should be at least
0.5 of the negative moment capacity. It can be shown that this will ensure
an available curvature ductility factor ¢ /¢ of at least 6 for an extreme
fibre maximum concrete strain of 0.004 [7Y. y Hence if the curvature
ductility factor demand is 2 or 3 times this value, as is likely in a severe
earthquake, the concrete needs to be confined effectively by closely spaced
stirrup. ties to prevent cr.ushingof the core concrete at high strains,and
damage to the cover concrete must be expected. It would seem preferable to
use lower tension steel contents than the limiting value allowed by ACI 318-71.



For example, if the compression steel ratio p' is 0.5 of the tension steel
ratio p, in New Zealand it is recommended [10] that p ~ 0.016 when f' = 3,600
psi (25 MPa) and p ~ 0.022 when f'", 5,800 psi (40 MPa), with linear i~ter
polation between for other concr~te strengths. When p'/p > 0.5, higher p
values than above can be used. These limits are given by formulae [10] based
on analytical results [7].

Longitudinal Steel Content in Prestressed Concrete Beams

For prestressed concrete beams few codes give guidance for seismic design
but recently the New Zealand Prestressed Concrete Institute has published
recommendations [29] based mainly on work conducted at the University of
Canterbury [21,30,23]. This research has shown that properly detailed
prestressed concrete members will give satisfactory seismic resistance,
although the lower hysteretic energy dissipation of a prestressed concrete
member compared with a reinforced member of the same strength and initial
stiffness will generally lead to a greater deformation response of the
prestressed concrete member to a severe earthquake. Good confinement of
concrete and a small neutral axis depth are the most important requirements
for adequate curvature ductility. It is recommended that a/h should not
exceed 0.2 in beams unless the very heavy confining steel typical of plastic
hinge regions of columns is present, where a is the depth of the compressive
rectangular stress block and h is the overall depth of the member. The
presence of nonprestressed reinforcement in plastic hinge regions also
effectively assists the ductility when acting as compression reinforcement
and improves the hysteretic energy dissipation of the plastic hinge by
"fattening" the hysteresis loops [23]. It is best to control curvature
ductility in prestressed concrete beams by specifying a limiting neutral axis
depth rather than a limiting steel content,because arrangements of tendons
down the depth are often used and all the prestressing steel in the section
is in tension but at different stress levels. Specifying a limiting a/h ratio
gives a consistent value for the available ultimate curvature.

Concrete Confinement and Longitudinal Steel Support in Plastic Hinge Regions

The potential plastic hinge regions in beams are taken as the end 2h of
the member, and if the critical section occurs away from the column face over
a length 2h straddling the critical section, where h is the overall depth of
the section. The spacing of stirrup ties in such regions of reinforced and
prestressed concrete beams should not exceed 4 in (100 rom) or one-quarter of
the effective depth of the beam (where the effective depth need not exceed
0.8h in the case of prestressed concrete beams) in order to ensure effective
concrete confinement [31,23,49,50].

In reinforced concrete beams,with cyclic flexure to yield applied in
each direction, a full depth crack may exist down the full depth of the section
for much of the loading range due to residual plastic tensile strains in the
steel (see Fig. 6). Also, the reinforcing bars may yield alternatively in
tension and compression resulting in a lowering of the tangent modulus of the
steel owing to the Bauschinger effect. This could lead to buckling of
reinforcing bars in compression at lower load levels than expected. It is
recommended therefore [7] that to prevent bar buckling in plastic hinge zones
the spacing of stirrup ties surrounding the compression steel should not
exceed six compression steel bar diameters, a spacing which is much smaller
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Fig. 6 Moment-Curvature Relationship for
Doubly Reinforced Concrete Section
with Reversed Flexure

than recommended in most
current codes. This
requirement also applies
to stirrup ties around
nonprestressed longitudinal
bars in partially
prestressed concrete beams.
Also the tie force at
yield provided by the
stirrup tie should be at
least one-sixteenth of the
yield force of the
longitudinal bar or bars
it is to laterally
restrain when spaced at
4 in (100 mm) centres.
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Figure 7 shows the plastic hinge region of a reinforced concrete beam
adjacent to a column face after the beam had been subjected to cyclic flexure
well into the inelastic range [24]. The beam was of width 4.9 in (125 mm) and
of effective depth 6.6 in (168 mm), and contained No.4 (12.7 mm dia.)
longitudinal steel bars as shown in the top and No. 2 (6.4 mm dia.) stirrup
ties at 4 in (102 mm) centres (which is 0.61d). The compressed concrete is
obviously inadequately confined, considering the depth of the beam, and the
bars have buckled in compression. Had the stirrup ties been placed at

Fig. 7 Plastic Hinge Region of a Reinforced Concrete Beam After Cyclic
Flexure in the Inelastic Range [24]

d/4 = 1.6 in (41 mm) centres, as is recommended above, the concrete confinement
would have been more adequate. A 4 in (102 mm) spacing is more reasonable for
large members where penetration of crushing between stirrup ties does not
redu?e the effective depth of concrete so significantly. The recommended
spaclng of not greater than six longitudinal bar diameters for stirrup ties to



prevent bar buckling is 3 in (76 mm) for this beam and it is evident that the
4 in (102 mm) spacing actually provided was too great to prevent buckling.

Redistribution of Bending Moments Found from Elastic Frame Analysis

Since the plastic hinge regions are detailed for ductile behaviour it is
also considered that in beams up to 30% redistribution of the absolute
maximum moment derived for any of the load combinations is appropriate,
provided the other moments are modified to satisfy the requirements of
statics.

Shear Strength

The deterioration of the concrete due to the opening and closing of
cracks in plastic hinge zones with cyclic bending moment decreases the
concrete shear resisting mechanisms (aggregate interlock, dowel action and
across the compression zone) [7]. In such regions only truss action of the
stirrups should be relied on to carry shear, and where the shear force is
high the full depth cracks should preferably be crossed by diagonal reinforce
ment. Examination of available test results for beams with cyclic flexure
has indicated that where the cyclic shear force at the plastic hinge zone is
such that the nominal stress there exceeds 3If' psi (0.25!:E· MFa) a reduction
in stiffness may occur in each load cvc1e due ~o shear and Failure may be
initiated by shear. The shear failure can occur by sliding along a full
depth vertical crack in the plastic hinge zone. Thus it is recommended that
the maximum nominal shear stress should not exceed 31f' psi (0.251f' MPa) in
each direction unless diagonal reinforcement exists incthe web to cfoss the
critical vertical cracks. Where the high shear force occurs in one
direction only, the limiting nominal shear stress at which diagonal
reinforcement is required can be increased.

In order to avoid shear failure the design shear force used needs to be
calculated on the basis of the design gravity loads on the members' and the
likely overstrength moment capacity of the plastic hinges at the ends of the
members. The plastic hinge moment capacities are calculated using a
realistic steel strength, bearing in mind the likely excess of the actual
strength over the specified value. For reinforced concrete it is likely that
the actual yield strength will exceed the specified yield strength and that
strain hardening will occur when developing the ultimate curvature. As a
result, in New Zealand for steel with a specified f = 40 ksi = 275 MFa the
use of a steel strength of 1.25f is recommended inYsuch calculations; for
steel with a specified f = 55 k¥i = 380 MFa use of a steel strength of
1.40f is recommended du¥ to the short yield plateau. For prestressed
concr¥te the actual tensile strength of the steel should be used. Also,
for beams cast monolithically with slabs, in negative moment regions account
needs to be taken of the likely contribution of the slab steel to the flexural
strength of the beam. For example, at interior columns where beams exist in
both directions, the reinforcement within a distance of four slab thicknesses
each side of the column could be included.

Required Further Research

It is evident that more testing of beams under cyclic loading is required
to further examine and refine some of the above design recommendations which
are still fairly subjective. Areas requiring more clarification are:

267



268

the maximum allowable longitudinal tension steel content, the possible
advantages of using partially prestressed concrete beams, the transverse steel
required to confine the concrete and prevent buckling of the longitudinal
compression bars, the design of shear reinforcement in plastic hinge zones
particularly the use of diagonal bars when the nominal shear stresses are high,
and the contribution of slab reinforcement to the negative moment strength of
beams at column faces.

COLUMNS IN FRAMES

Evaluation of Actions

The strong column - weak beam design concept aims at having plastic hinges
form in the beams rather than in the columns. Some codes, for example the
seismic provisions of ACI 318-71 [2J require that at beam-column connections
the sum of the moment strengths of the columns should exceed the sum of the
moment strengths of the beams along each principal plane at the connection.
This requirement unfortunately will not prevent plastic hinges forming in the
columns ,for three reasons:

(a) The actual beam steel strength at high curvatures will be higher than
the specified yield strength and this strength will be further enhanced by
strain hardening. Therefore the beam input moment may be considerably higher
than that calculated using the specified yield strength.

(b) Nonlinear dynamic analyses have shown that in frames, due to higher
mode effects, points of contraflexure may occur well away from the mid height
of columns at various stages during an earthquake [18,32,35,7J.Thus bending
moment distributions in columns such as in Fig. 8 are possible. Hence in Fig.
9,which shows a possible distribution of column bending moments, the beam
input moments ~l + ~2 may have to be resisted almost entirely by one column
section. In the extreme if the point of contraflexure lies outside the
column height the strength of one column section needs to exceed ~l + ~2'

This required column strength to prevent plastic hinges forming is much
greater than the ACI 318-71 requirement.

(c) A general direction of seismic loading also causes a severe condition
for the columns [33,34,7J. In design it is customary to consider seismic
loading to act in the direction of the principal axes of the structure and in
one direction at a time. However a general direction of severe seismic loading
can cause yielding of the beams in both directions simultaneously. For example,
for the symmetrical building shown in Fig. 10, if a displacement ductility
factor of 4 is reached in direction 2 it only requires 6

1
= 62/4 to cause

yielding in direction 1 as well, and this occurs when e ~s only 14°. Thus
yielding in the beams in both directions may occur simultaneously for much of
the seismic loading. Biaxial bending will generally reduce the flexural
strength of the column. Typically the flexural strength of a square column
for bending about a diagonal may be 15% less than the flexural strength for
uniaxial bending. Also, for a structure with beams of equal strength in each
direction, the resultant beam moment input applied biaxially to the columns is
12' times the uniaxial beam moment input. Therefore concurrent earthquake
loading may cause the columns to yield before the beams unless columns are
strengthened to take this effect into account. Similarly, concurrent earth
quake loading will induce higher shear forces in columns and joint cores when
the beams yield in both directions than for loading in one direction only, and
this higher shear force is to be resisted by sections loaded along a diagonal.



1.64 sec 2.25 2.72

lower six stories. Exterior column.

4.01 5.48

Level

269

Fig. 8 Bending Moments in Lower Columns of a 12 storey Frame Responding
Nonlinearly to El Centro Earthquake 1940 N-S Component [32]
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Fig. 9 Possible Column Bending
Moments During Dynamic
Response

Fig. 10 General Direction of Earthquake
Loading on Building

It is evident that column flexural strengths of rather greater than twice
the ACI requirements would be needed if plastic hinges in columns are to be
avoided. The difficulty of preventing plastic hinges from forming in columns
is such that some column yielding must be considered to be inevitable. Note
that yielding due to shift of the points of contraflexure in the columns due
to higher mode effects will only occur at one end of the columns and therefore
will not lead to a column sidesway mechanism in that storey. The degree of
protection of columns against yielding is a debatable issue and needs to be
approached on a probabilistic basis.

A design procedure developed by Paulay [11] is being recommended in New
Zealand for determining column actions. This procedure is aimed at giving
reasonable protection against column yielding. In the procedure the design
uniaxial bending moment for the column, acting separately in each of the two
principal directions of the structure, is given by

(6)
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where M is the column moment at the beam centre line derived from the code
loadingcgga to be reduced as indicated by the moment gradient to give the
moment at the beam face; ~o is ratio of the overstrength flexural capacity of
the beams as detailed to the beam moment capacity required by the code (for
steel with f = 40 ksi = 275 MFa, if 1.25 is the overstrength factor for the
steel and 0.9 is the capacity reduction factor used in beam design for
flexure, ~ is at least equal to 1.25/0.9 = 1.39); and wallows for higher
mode and c8ncurrent loading effects, and ranges between 1.2 and 1.8 for one
way frames and between 1.5 and 1.9 for two-way frames, depending on the period
of the building. The recommended values for w were obtained from an assessment
of the results of available nonlinear dynamic analyses. Note that in two-way
frames the columns are designed for uniaxial bending only, since w includes
some moment enhancement to make allowance for the effect of biaxial bending.
The design axial force P to be used with M 1 in section design is
calculated from the shea~ororces applied at tfig column faces by the gravity
loads from the beams,and the moment induced shears from the beam plastic hinge
moments in both directions acting at flexural overstrength, except that a
reduction in the moment induced shears is allowed to take into account the
probability that not all beam plastic hinges have reached their overstrength
up the height of the frame. This reduction in moment induced shears is at
least 0 to 30%, increasing from zero as the number of storeys increases. In
this procedure it is also recommended that the column be designed for M 1
and P using a capacity reduction factor ~ of unity, since the effect~O of
steelC~trength and moment patterns have been examined closely and the column
sections will be detailed for ductility.

Concrete Confinement and Longitudinal Steel Support in Potential Plastic
Hinge Regions

The possibility of yielding occurring at the column ends due to the
effects discussed above makes it important to ensure that columns are capable
of behaving in a ductile manner. Hence for reinforced and prestressed concrete
columns adequate transverse steel in the form of hoops or spirals should be
present at the potential plastic hinge regions at the column ends, to ensure
ductile concrete behaviour and to prevent buckling of the longitudinal steel.
The potential plastic hinge regions at the column ends can be taken as not
smaller than the larger column section dimension or one-sixth of the clear
height of the columns or 18 in [450 rom].

Code provisions for confining steel are at present based on rather
arbitrary assumptions. For example, the amount of transverse reinforcement in
the potential plastic hinge regions at the ends of columns recommended by the
ACI [2] and SEAOC [36] Codes is based on preserving the axial load strength of
the column after the cover concrete has spalled rather than aiming to achieve
a particular curvature ductility factor for the column. The amount ofrectangu]
ar hoops and ties specified is also based on the same criterion and assumes
that rectangular hoops, because of their shape, are less efficient than
circular spirals in confining the concrete. The philosophy of maintaining the
axial load strength of columns after the spalling of cover concrete does not
properly relate to the detailing requirements of adequate plastic rotation
capacity of eccentrically loaded column sections. A more logical approach for
the determination of the required content of transverse steel would be based
on ensuring a satisfactory moment-curvature relationship and would include
as variables the level of axial load on the column, the longitudinal steel
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ratio, the proportion of the column section confined, the stress-strain
curve of the longitudinal steel, and the stress-strain curve of the confined
concrete as a function of the amount of confining steel [7].
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Fig. 11 Stress-Strain Curve for Concrete
Confined by Rectangular Hoops [27J
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Moment-curvature analyses of column sections for monotonic flexure have
been conducted using idealized stress-strain curves for steel and concrete
[7,37-40]. The stress-strain curve for the steel included the effect of
strain hardening. The stress-strain curve for the concrete included the
effect of the confining steel. Fig. 11 shows the assumed curve for concrete
confined by rectangular hoops [27]. The slope of the falling branch is defined

by the parameter Z which is a
function of the concrete strength
and the spacing and volume ratio
of rectangular hoops. The value
of Z decreases as the content of
hoops increases. For concrete
confined by circular spirals a
curve with greater strength
increase and ductility was used
[40]. The moment-curvature
curves were calculated using the
idealized stress-strain curves,
assuming that plane sections
remain plane and satisfying the
requirements of strain
compatibility and equilibrium.
The cover concrete was assumed
to become ineffective at a

compressive strain greater than 0.004. Fig. 12 shows a rectangular section
with the idealized strain and stress distributions at a particular curvature.
Fig. 13 shows the moment-curvature relationships obtained for a rectangular
section with axial load held constant at 0.3f'A ,for a range of longitudinal
steel ratios P

t
and rectangular hoop contents; gFor the arirangement of hoops

shown in Fig. 12,for this column section Z = 155 corresponds to No.3 (9.5 rom
dia.) hoops at 12 in (305 rom) centres and Z = 15 corresponds to No.6 (19.1
rom) dia. hoops at 4 in (102 rom) centres. For this column section the content
of special transverse steel recoromended by the ACI [2] and SEAOC [36J codes is
equivalent approximately to Z = 13.
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Moment-curvature analyses of
columns conducted as above for
monotonic flexure show a decrease
in moment capacity when the cover
concrete spalls,but providing
adequate confining steel is
present sections can maintain
substantial moment with further
plastic rotation. A difficulty
with refined moment-curvature
analyses of this type is that
insufficient experimental data is
available to accurately establish
the stress-strain curve for
confined concrete including the
effect of overlapping hoops and
hoops with supplementary cross
ties. However the approximate
analyses referred to above have
shown that the equations for
transverse steel content recommend
ed in the 1973 SEAOC Code [36] are
generally conservative for moderate
axial load levels but not
conservative at high load levels.
Thus in New Zealand the SEAOC
equations have been modified to
take axial load level into account
[12]. The axial load level is
expressed as the ratio P /f'A ,
where P is the maximum aesrgR
c0mpres~ive load acting on the

columns, f' is the specified compressive cylinder s~rength of the concrete,
and A is €he gross area of the column section. The recommended equations
resul~ in the following amounts of circular spiral steel being placed as a
percentage of the amount recommended in the 1973 SEAOC Code:

Fig. 13

Pe/f;Ag 0.1 0.2 0.3 0.4 0.5 0.6 0.7
% of SEAOC P

s
50 63 75 88 100 113 125

where P
s

is the ratio of the volume of the spiral steel to the volume of
concrete core. For rectangular hoop steel,with or without supplementary cross
ties,the recommended equations result in the following amounts of transverse
steel being placed as a percentage of the amount recommended in the 1973
SEAOC Code:

P /f'A 0.1 0.2 0.3 0.4 0.5 0.6
e c g

% of SEAOC Ash 50 66 83 100 117 133

where A h is the total area of transverse steel crossing the section. The
moment-~urvature analyses indicated that use of the above recommended amounts
of confining steel Should result in curvatures being reached which generally
are much greater than five times the yield curvature (defined as when the
outermost tension bars first begin to yield) accompanied by a moment capacity
which is generally not less than 80% of the moment capacity calculated at an
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extreme fibre concrete strain of 0.003, for columns with longitudinal steel
ratio of 0.02 or greater, providing that the axial compression does not exceed
either 0.7f'A for columns with circular spiral reinforcement or 0.6f'A for
columns witE ~ectangular hoop reinforcement. Also, experimental evidgnge [41]
from reinforced concrete cantilever columns with circular spirals tested under
cyclic flexure to displacement ductility factors of up to six have confirmed
that the spiral steel content recommended above for axial compression of
O.lf'A should result in adequate ductility. However the moment-curvature
anal?s~s have shown that the curvature ductility available from very heavily
loaded columns is doubtful even with large quantities of confining steel [37,38
39,40], and it is recommended that columns with circular spirals with P >0.7f'A
and columns with rectangular hoops, with or without supplementary crosseties, c g
with P > 0.6f'A should not be used unless special studies show them to give
adequate ductiti~y. The greater limiting axial load for columns with circular
spiral reinforcement compared with columns with rectangular hoop reinforcement
is because it has been found from the analytical studies that the SEAOC
specified spiral steel confines the concrete more effectively than the specified
hoop steel. The moment-curvature analyses also demonstrated that use of high
strength steel as longitudinal reinforcement in columns improves the perform
ance of the columns at high curvature because the early strain hardening of
that steel helps to compensate for the loss of moment capacity due to the
reduction of contribution from the concrete. Also high longitudinal steel
contents result in a smaller reduction in moment capacity at high curvatures.

Although derived for reinforced concrete columns, it is apparent that the
above recommended quantities of transverse steel could also be used to confine
prestressed concrete columns, in the absence of more accurate theory.

In most rectangular columns a single rectangular peripheral hoop will be
insufficient to properly confine the concrete and laterally restrain the
longitudinal steel against buckling. Therefore, an arrangement of hoops with
or without supplementary cross ties will be necessary. Supplementary cross
ties can only be expected to function effectively if fitted tightly around the
bars, a rathe~ difficult requirement in practice. Any gap left between the
inside of the bend of the cross tie and the outside of the laterally supported
bar will mean that outward expansion of the concrete needs to occur before the
cross tie becomes fully effective, and thus some concrete confinement is lost.
It would appear to be better to use a number of overlapping hoops rather than
a single peripheral hoop and supplementary cross ties. Examples of some
alternative details are shown in Fig. 14. The New Zealand recommendations
require that supplementary cross ties and legs of hoops should not be spaced
transversely more than either 8 in (200 rom) or one-quarter of the column
section dimension perpendicular to the direction of the transverse steel. Also,
the longitudinal column bars should not be spaced more than 8 in (200 rom) apart
since they play an important role in assisting confinement. Supplementary
cross ties can be anchored by bending around either a longitudinal bar or by
bending around a peripheral hoop beside a longitudinal bar (see for example
Fig. 14a and b). Note that it is not considered necessary for a supplementary
cross tie to engage a hoop. That is, the concrete is confined by arching
between hoops, supplementary cross ties and longitudinal bars. In a set of
overlapping hoops it is preferable to have one peripheral hoop enclosing all
column bars together with one or more hoops covering smaller areas of the
column section. For example, the detail 6f Fig. 14c is preferred to that of
Fig. 14d. This is because the longitudinal column bars are held more firmly
in place during construction if they are all enclosed by one hoop.
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Fig. 14 Some Details of Transverse Steel in Columns [12] (1 in = 25.4mm)

The spirals,or hoops with or without supplementary cross ties,are also
necessary to provide lateral support to the longitudinal bars to prevent
buckling. Hence, as for beams, the spacing between centres of spirals or
hoop sets should not exceed six longitudinal bar diameters. However,not all
longitudinal bars need to be laterally supported by a bend in a transverse
hoop or cross tie. If bars or groups of bars which are laterally supported
by bends in the same transverse hoop or cross tie are less than or equal to 8 in
(200 rnm)apart (see for example Fig. 14e) any bar or bundle of bars between
them need not have effective lateral support from a bent transverse bar.
Note also that the supplementary cross ties which are bent around hoops (see
for example Fig. 14b) can be regarded as providing effective lateral support
to the longitudinal bars beside them,since although they do not pass around
those bars they effectively restrain the hoop beside the bar. Such
supplementary cross ties should be secured to the adjacent longitudinal bars



during construction. In large column sections the use of inclined ties (see
for example Fig. 14f) helps to keep the centre of the section free from
congestion of transverse steel thus allowing better access for concrete
placement. The yield force of the hoop bar or supplementary cross tie
providing lateral restraint should be at least one-sixteenth of the yield
force of the longitudinal bar or bars it restrains.

Shear strength

The design shear force for columns can be obtained from the moment
gradient in the column. For small axial load levels, say when P < O.lf'A ,
the shear carried by the concrete should be ignored in potentialeplasticC g
hinge regions at the column ends. Strictly, the diagonal shear force result
ing from biaxial bending in two-way frames due to concurrent seismic loading
should be considered in design. The shear strength of rectangular column
sections loaded along a diagonal has received little attention in the past.
Tests have been conducted recently on four reinforced concrete members with a
16 in (406 mm) square section [42] subjected to uniaxial or diagonal shear
force and flexure. Two arrangements of overlapping hoops were used. The
members were designed to fail in shear and for convenience were tested in a
horizontal position with no axial load applied. A member tested with diagonal
shear is shown in Fig. 15. The photograph has been rotated 90 0 to show the
member vertical as it would be in a frame. The difference between the
diagonal shear strength and the uniaxial shear strength of identical specimens
was zero for one pair and 3% for the other pair. This result is not surprising
since although for diagonal shear the component of transverse bar forces in the
direction of the shear force is smaller the diagonal tension crack has a
greater projected length and therefore intercepts more transverse bars:these
effects compensate each other.

However it is recommended in New Zealand that columns can be designed for
uniaxial shear provided that the design shear force is calculated from the
likely moment gradient associated with the enhanced uniaxial design moments
discussed previously [11].

Required Further Research

A number of aspects regarding the seismic design of columns need further
clarification. More information from nonlinear dynamic analyses of frames is
required to obtain a better statistical basis for determining the design column
actions which will give adequate protection against plastic hinging in columns,
considering the effects of moment overstrength of beams, higher modes of
vibration, and concurrent earthquake loading. More accurate confining steel
provisions are required with more emphasis on flexural ductility, and inclUding
as variables the axial load level, type of steel, arrangement of transverse
steel, effect of cyclic loading, etc. Such provisions can be derived
analytically when accurate stress-strain curves for concrete confined by
various arrangements of transverse steel become available. Further testing to
determine more accurate tie requirements to prevent compression bar buckling
is also required. Better systems for the mechanical splicing of longitudinal
column bars suitable for seismic resistant structures would also be an
advantage. There is also a scarcity of experimental results for the shear
strength of rectangular columns loaded along a diagonal.
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BEAM-COLUMN JOINTS

Fig. 15 Shear Failure of Reinforced
Concrete Column with Shear
Force Applied Along the
Section Diagonal [42J

General

Ideally, the strength of a beam
column joint should be greater than the
strength of the adjacent members since
failure of the joint core may be non
ductile, the joint core is difficult to
repair, and failure of the joint core
could lead to the collapse of the column.
In past years designers have tended not
to give much attention to the detailing
of beam-column joints. However, when
subjected to seismic loading, beam-column
joint cores can become critical regions
of the structure,as is illustrated in
Fig. 16. The performance of beam-column
joints under pseudo-static seismic loading
has been studied extensively in New
Zealand in recent years [7, 43-54,21,23,
3lJ . These tests on reinforced and
prestressed concrete beam-column sub
assemblages have indicated that when the
plastic hinges form in the members
adjacent to the connection the joint core
may be subjected to extremely high shear
forces and bond stresses. The design
provisions for joint cores recommended by
ACI 318-71 [2] have been questioned. In
any case it would appear to be erroneous
to base a design procedure for joint
cores on test results obtained from
members,as the ACI code has done.

Exterior Beam-Column Joints

Fig. 17 shows an external beam
column joint of a reinforced concrete frame and the associated forces and
cracking. It is clear that the bond conditions for the longitudinal beam
and column bars are unfavourable because: (a) large steel forces need to be
transferred to the concre.te over relatively short lengths of bar, (b) flexural
and diagonal tension cracks are present which will alternate in direction
during cyclic loading,and (c) bond deterioration will occur during cyclic
loading. For example, if the outer column bars are near to yielding in
compression above the core and are yielding in tension below the core,
approximately twice the yield force of the bar needs to be transferred to the
joint core by bond over the depth of the core. The extremely high bond
stresses so induced, and the anchorage forces from the beam bars, can result
in vertical splitting of the concrete along the outer column bars (see Fig.
18). Degradation of bond strength will also cause yielding of longitudinal
bars to penetrate into the joint core, thus reducing the effective anchorage
length and possibly resulting in. slip of bars through the core. Therefore, in
New Zealand it is recommended that at exterior beam-column joints in which
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Fig. 16 Reinforced Concrete Beam-Column
Joint Failure [43,44]

plastic hinging occurs in the
beam at the column face, the
anchorage of beam steel should
be considered to commence within
the joint core at one-half the
column depth or ten bar
diameters, which ever is less,
from the face of the column where
the steel enters. An anchorage
block, in the form of a beam stub
at the far face of the column
where the longitudinal beam bars
can be anchored, has been shown
[47,7] to result in considerable
improvement in joint performance,
and are being used by some
designers in New Zealand (see
Fig. 19). It is also recommended
that the maximum diameter of
longitUdinal column bars should
not exceed 1/20th of the beam
depth for steel with f = 40 ksi
= 275 MFa or 1/25th ofYthe beam
depth for steel with f = 55 ksi
= 380 MFa. Y

Steel and
Bond Forces

(bi(a)

stress Resultants, Crack Pattern
and Bond Forces at Reinforced
Concrete Exterior Beam-Column Joint

h -+-~---'--¥--
r

The tests have also
shown that when plastic
hinging occurs in the beam
adjacent to the column the
ACI 318-71 [2] design
approach for joint core shear
results in adequate joint
core shear strength in the
first cycle of loading in
the inelastic range, but
that degradation of shear
carried by the concrete
occurs in subsequent inelastic
cycles. It is recommended
that the nominal shear
stress v carried by the

concrete shear resisting mechanisms in the joint core should only be taken
into account if the compressive load on the column exceeds O.lf'A. The
degradation of shear carried by the concrete occurs due to repe~t~d opening
and closing of diagonal tension cracks in alternating directions and full
depth cracks in the beam which results in the beam compression being
transferred into the joint core by bond. These two occurrences reduce the
ability of the diagonal compression strut across the joint core to act as an
effective shear resisting mechanism [7]. The critical diagonal tension crack
has been observed to run from corner to corner in the joint core and the
horizontal shear reinforcement should be designed by summing the shear
reinforcement bar forces which cross that corner to corner crack. The ACI 318
71 assumption of 45 0 cracking is difficult to justify since the cracking will

Fig. 17
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Fig. 18 Exterior Reinforced Concrete
Beam-Column Joint Showing
Splitting Cracks at Outer
Longitudinal Column Bars [46]

be parallel to the diagonal compress
ion strut which runs from corner to
corner. Hence, the design horizontal
shear force in Fig. l7a is T - V',
where T is the force in the beam bars
enhanced for overstrength (for example,
found using 1.25f for steel with a
specified yield strength f = 40 ksi
= 275 MFa) and V· is the cglumn shear
force. This design shear force should
be resisted by the concrete if the
compressive column load exceeds O.lf'A
and by the force in the horizontal c g
shear reinforcement which crosses the
corner to corner crack. Vertical shear
reinforcement should also exist in the
form of vertical column bars around
the perimeter of the column section
(spacing not to exceed 6 in (150 rom)
and at least one intermediate bar
between corners to be present). Such
vertical bars are necessary to help
transfer vertical shear forces. That
is, four bar column should not be
used. A procedure for the design of
vertical shear reinforcement has been
developed [14].

Interior Beam-Column Joints

Exterior Reinforced Concrete
Beam-Column Joint with
Anchorage Blocks

Fig. 19

Many of the points made regarding
exterior beam-column joints apply to
interior beam-column joints. Fig. 20
shows one of a series of interior
beam-column joints being tested under
pseudo-static cyclic loading. Fig. 21
shows a reinforced concrete joint
which had been designed using the
method of ACI 318-71 [2] and which
failed in joint core shear,and slip
of beam bars,after the first inelastic
loading cycle. This can be contrasted
with the behaviour of the partially
prestressed concrete joint shown in
Fig. 22 which had been designed
according to the ACI 318-71 method but
which had a prestressing tendon at mid
depth in the beam. The additional

shear strength provided by this tendon crossing the diagonal tension cracks in
the joint core enabled joint core shear failure to be prevented and allowed
plastic hinging to occur in the beams. Slip of longitudinal beam steel
through the joint core occurred in some of the tests [23,31,51,52]. When
plastic hinging occurs in the beams at the column faces it is recommended that
the maximum diameter of longitUdinal beam reinforcing bars should not exceed
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Fig. 20 Interior Beam-Column
Joint During Testing
[23,31]

Fig. 21 Interior Reinforced Concrete
Beam-Column Joint With Shear
Failure in Joint Core [23,31]

Fig. 22 Interior Partially Prestressed
Beam-Column Joint with Flexural
Failure in the Beams [23,31]

1/25th of the column depth for steel with f = 40 ksi = 275 MFa or 1/35th of
the column depth for steel with f = 55 ksiY= 380 MPa. The diameters of
longitudinal column bars are limi~ed as for exterior joints.

The degradation of joint core shear strength with cyclic loading occurs
for the same reas.on as for exterior joints, namely repeated opening and closing
of diagonal tension cracks, and full depth cracking in the beam at the column
face, which leads to a reduction in the effectiveness of the concrete diagonal
compressive strut. Fig. 23a illustrates the forces acting on a beam-column
joint core. The forces entering the joint core are transferred across i·~ by
the diagonal compression strut (Fig. 23b) and by a truss mechanism involving
diagonal tension and compression induced by the bond forces of the longitudinal
bars (Fig. 23c). The shear carried by the concrete v arises mainly from the
diagonal compression strut. When full depth crackingCtransfers most of the beam
forces to the longitudinal steel the mechanism involving truss action becomes
dominant and this mechanism requires the presence of both horizontal and
vertical bars to carry the diagonal tension forces across the joint core. Hence
the force to be carried by the horizontal shear reinforcement increases as
cyclic loading proceeds and vertical steel crossing the joint core is needed
to carry the vertical forces necessary to complete the truss mechanism.
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(a) Forces on beam-column joint core

The design horizontal shear
force in the notation of Fig.
23 is T + C - V', where the
forces are calculated using
steel stresses which include
overstrength. A contribution
to the shear strength from
centrally placed prestressing
tendons can be included.
Therefore the design horizontal
shear should be resisted by
the concrete if the compressive
column load exceeds O.lf'A ,
by the force in the pres€rgss
ing tendons in the middle
third of the beam depth if
any, and by the total force
in the horizontal shear
reinforcement crossing the
corner to corner crack.
vertical shear reinforcement
should also exist as for
exterior joints.

Biaxial Shear

(c) Shear transfer by truss mechanism

Fig. 23 Idealized Behaviour of Interior
Beam-Column Joint Core

(b) Shear transfer by diagonal compression
strut

Beam-column joint cores in
two-way frame systems are
subjected to high shear forces
in the direction of the column
section diagonal if the beams
in both directions are yielding
simultaneously. Fig. 24 shows
the critical corner to corner
crack when diagonal shear acts
on an interior beam-column joint
core. If the beams in the two
directions are similar,the
horizontal shear force acting
along the diagonal of the joint
core section is /2 times the
uniaxial shear force. The
corner to corner diagonal

tension crack intersects the same number of shear reinforcement bars as for
uniaxial shear, and if these shear bars are parallel to the sides of the
section the diagonal component of bar force is 1;12 times that available to
resist uniaxial shear. Hence design for biaxial shear for symmetrical two-way
frames can lead to approximately double the quantity of shear reinforcement
required for uniaxial shear design. This obviously is a serious problem.
The confinement of the joint core from the transverse beams at right angles
may aid the shear transfer by the concrete, and thus allow the shear carried
by the concrete to be enhanced, but this may not be as effective as is
assumed by some codes since full depth cracking at the column faces and
damage at the plastic hinge sections of both sets of beams will reduce the
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Fig. 24 Isometric View of Corner
to Corner Crack Across
Joint Core in Case of
Diagonal Shear [14]

Fig. 25 Corner Joint of Model
Reinforced Concrete
Building Showing Diagonal
Tension Cracks in
Transverse Beam [55]

lateral confinement available to the
joint core. A full-scale test specimen
with biaxial joint shear is being tested
in New Zealand this year to further
investigate this case [51].

Torsion of Transverse Beams

Even with seismic loading acting in
only one principal direction of two-way
frames there may be secondary effects in
the beams at right angles which could
cause considerable damage. Large plastic
hinge rotations in the beams at the
column faces in the direction of seismic
loading could induce large twists in the
beams which enter the joint at right
angles to the direction of seismic
loading, owing to the presence of the
floor slab cast monolithically with the
beams. The imposed twist may cause
diagonal tension cracking in the trans
verse beams which may affect their
performance when the. seismic loading acts
in their direction. Fig. 25 shows a
corner joint in a one fifth-scale six
storey reinforced concrete building [55]
after testing with pseudo-static loading
applied along one.principal axis of the
building. Cracking has developed across
the corner of the slab and diagonal
tension cracks have formed in the
transverse beam. Such damage,particularly
with intense cyclic loading, will add to
the stiffness degradation of the building.

Plastic Hinging in Beams Away from
Column Faces

The degradation of joint core shear
strength, and the bond problems associated
with longitudinal beam and co~umn steel
passing through the joint core, can be
greatly reduced if yielding of longitudinal
steel is forced to occur away from the
faces of the joint core. This design
concept of deliberately designing plastic
hinges to form in the beams away from the
columns is at present being investigated
in New Zealand. Calculations have shown
that the content of joint core shear
reinforcement can be much reduced,and
larger diameter longitudinal bars passing
through the joint core can be tolerated,
for this design situation. Plastic
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hinging can be forces away from column faces by suitable reinforcing details
or by haunching the beams.

Required Further Research

The issues which need further research are: the actual mechanism of joint
core shear resistance, the bar diameter criteria for anchorage as a function
of more variables than the member depth, the vertical shear reinforcement
necessary in joint cores, the contribution of prestressing to the joint core
shear stren~th, the design for biaxial shear, possible non-conventional
details for joint core design such as diagonal bars and bond plates, the
effect of the presence of transverse beams, the effect of torsion induced in
transverse beams, and design procedures to force beam plastic hinging away
from the column faces.

SLAB-COLUMN AND SLAB-WALL JOINTS

Slab-Column Joints

The transfer of unbalanced moment and shear at slab-column joints can be
a critical aspect of the behaviour of flat plate structures. The reversals
of unbalanced moment which occur during an earthquake could lead to a shear
failure in the slab around the column due to degradation of the shear strength.
It is not suggested that flat plate buildings should be used as seismic
resistant structures without the presence of some frames or walls to stiffen
the structure. Even with such stiffening elements present substantial
unbalanced moment may need to be transferred at the slab-column connection,
and these should be made adequately ductile. Some pseudo-static cyclic load
tests have been conducted in New Zealand [56,57,58] on reinforced concrete
slab-column joints with various arrangements of shear reinforcement in the
slab. Fig. 26a shows a joint without shear reinforcement after loading to
failure with shear and unbalanced moment. The final stage of shear failure
occurs by the column punching through the slab at the critical face of the
column and the top slab bars on that side of the column splitting off the slab
top cover concrete. Structural steel shearheads were found to lead to an
increase in strength and some ductility of the joint. The best detail,
however, was the use of stirrup ties placed in the slab around those slab
bars that pass through the column (see Fig. 26b). In addition to acting as
shear and torsional reinforcement, the stirrup ties held the top and bottom
slab steel together and prevented the column from punching through the slab
at the critical face thus suppressing a brittle failure. Fig. 26c shows a
joint with stirrup ties placed as in Fig. 26b at failure and the most evident
sign of damage is now due to torsion in the slab near the side faces of the
column. The use of stirrup ties placed around the slab bars passing through
the column results in a substantial increase in ductility of the joint. The
strength of joints reinforced in this manner can be determined using an
approach which sums the flexural, shear and torsional strength contributions
around the column using a beam analogy [56,58].

Slab-Wall Joints

A series of tests on reinforced concrete slab-wall joints has recently
been completed in New Zealand [20]. Various arrangements of shear reinforce
ment were used in the slabs. The tests have not yet been fully reported.
It was shown to be difficult to prevent shear failure at the critical toes
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(a) Joint without shear reinforcement (b) Stirrup ties as shear reinforcement

(c) Joint with stirrup ties as
shear reinforcement

Fig. 26 Reinforced Concrete Slab
Column Joints [56,571

Fig. 27 Reinforced Concrete Slab
Wall specimen Under Test
[201

of the wall but nevertheless yield lines
developed across the slab and allowed the
full flexural strength of the slab to be
developed. Fig. 27 shows a specimen
during pseudo-static cyclic load tests.

Required Further Research

Further testing of slab-column and
slab-wall joints is necessary,
particularly for prestressed concrete
slabs,in order to extend the knowledge
of detailing for "ductility. Most existing
slab-column tests have been conducted on
single column specimens in which loading
has been applied which attempts to
simulate the conditions at the joint of
a mUltipanel structure. Testing of
multipanel specimens is also necessary
to check whether any unexpected effects
may be caused by the actual distribution
of actions around the joint.

COMPLETE FRAMED STRUCTURES

General

Two one-fifth scale reinforced
concrete model structures, one bay by
one bay wide and six-storeys high, have
been tested [55,71. One model was
tested mainly under pseUdo-static cyclic
loading and the other was tested
dynamically on a shaking table. The
models had been designed for New Zealand
code seismic loading and detailed to the
requirements of ACI 318-71 [21 for
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ductile frames in seismic zones. A model under static loading is shown in
Fig. 28. The static cyclic horizontal loading resulted in considerable
stiffness degradation, mainly due to cracking and to slip of bars in
anchorage zones. The dynamically loaded model suffered little damage when

subjected to the El Centro 1940 N-S earth-
quake. The nonlinear dynamic analysis of
this model using Sharpe's program [18]
demonstrated that an accurate estimation
of the stiffness and viscous damping of
the structure was essential for the
accurate prediction of its response to
dynamic loading. Using those stiffness
and viscous damping values which gave the
best fit between the predicted and
measured responses of the structure to
the strong motion portion of the El Centro
1940 N-S earthquake, the displacement
response could be accurately predicted but
the degree of accuracy decreased as
stiffness degradation set in, This
emphasizes that nonlinear dynamic analyses
require realistic input parameters if
accurate response predictions are to be
achieved.

Further Research
Model Reinforced Concrete
Building Structure Under
Pseudo-Static Cyclic
Loading [55,7]

Fig. 28

A good deal of research is required
involving shaking table tests of complete

structures for analysis,to give confidence in the use"Of available computer
programs for nonlinear dynamic analyses, to check the accuracy of idealizations
made in such analyses, and to improve such idealizations if necessary.

SHEAR WALLS

General

A considerable amount of research has been conducted in New Zealand in
recent years on the behaviour of shear walls under pseudo-static seismic
loading. This research has shown that properly detailed shear walls will
provide adequate strength and ductility in buildings. Hence suspicions that
all shear walls will fail in a brittle manner are groundless providing
reasonable design precautions are taken. Reinforced concrete shear walls
provide an attractive means of seismic resistance, helping to reduce problems
such as column yielding, beam-column joint detailing, and instability due to
drift. Their stiffness also enables much non-structural damage during a
severe earthquake to be minimized.

Cantilever Shear Walls

cantilever shear walls are in effect lightly loaded cantilever columns
with narrow cross sections. The longitudinal reinforcement content is small
and therefore they can be expected to behave in a ductile manner, providing
lateral instability of the compression flange does not occur and that shear



failure is prevented [7]. For tall cantilever walls higher modes of
vibration can effect the distribution of shear force when the wall is loaded
to flexural capacity [59]. The design shear force at the flexural capacity
of the wall can be considerably higher than that calculated using the code
distribution of static horizontal loading,and it is recommended that the
design shear force should be found by factoring up the code shear at the
flexural capacity by some 1.0 to 1.8 times, depending on the number of storeys
amd the importance of the structure [1,59]. An experimental study on model
squat shear walls has been conducted [60,66,7]. The walls were square
(height to width ratio of unity), and the horizontal shear force was
distributed along the top edge of the wall and applied cyclically. The tests
showed that if a ductile (flexural) failure mechanism is required in a low
rise shear wall the nominal shear stress associated with the flexural capacity
of the wall must be small, say less than 61ft psi (0.51fT MPa). Also no
reliance should be placed on the contributiog of the con8rete to the shear
strength; that is,all the shear force should be carried by the web reinforce
ment.

Coupled Shear Walls

Many shear walls contain vertical rows of openings,and the walls each
side of the openings are connected by short deep beams. Extensive studies of
the behaviour of coupling beams has been made in New Zealand, for example
[61-72, 7]. When the wall is subjected to seismic loading the coupling beams
are subjected to flexure and shear and because of their small span/depth
ratio shear deformations of these beams may become very significant. A laminar
analysis can be used to find the elasto-plastic response of 'coupled shear walls
under monotonic loading, and so enable an assessment to be made of the
ductility requirements of the coupling beams to achieve a given displacement
ductility factor [61,62,7]. The experimental investigations conducted were
to determine whether the required ductility can be achieved in deep coupling
beams. Fig. 29 shows the test rig used to provide pseudo-static cyclic
flexure and shear at the ends of a coupling beam to simulate conditions in a
coupled shear wall during seismic loading. It was found [61-64,7] that for
coupling beams with clear span/depth ratios less than about 2 the diagonal
tension cracking caused a radical redistribution of the tensile forces and
the whole length of the longitudinal bars, top and bottom, in the beams was
in tension. Therefore no increase in ductility was available through
compression steel, since the concrete carried all the compression. For clear
span/depth ratios less than about 2, after high intensity load reversals, the
attainable flexural strength was only about 85% of that predicted by
conventional flexural strength theory. The diagonal tension cracking in
alternating directions, shown in Fig. 30, reduced the capacity of the concrete
to carry shear and eventually transferred all the shear to the stirrups.
Therefore it is important to provide shear reinforcement to carry all the
shear force at the beam flexural capacity. The stiffness of the coupling
beams degraded significantly with cyclic loading and shear deformations were
greater than flexural deformations. The ultimate failure for members adequately
reinforced for shear was due either to crushing of concrete,or to shear slip
along a vertical crack due to breakdown of aggregate interlock and the open
ing of the crack due to yielding of the longitudinal steel. Fig. 30illustrates
a sliding shear failure. Vertical stirrups cannot effectively prevent
this type of shear failure and if conventional reinforcing details are used
the nominal shear stress should be limited to ensure that sliding shear
failure does not occur.
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Fig. 30 Diagonal Tension Cracks
and Sliding shear Failure
in Reinforced Concrete
Coupling Beam [61]

Fig. 29 Test on Reinforced Concrete
Coupling Beam [61]

Further experimental work has shown that the ductility and useful
strength of coupling beams can be considerably improved if, instead of the
conventional arrangement of longitudinal flexural steel and vertical stirrups,
the principal reinforcement is placed diagonally in the beam [64-72,7].
Fig. 31 shows a possible arrangement of diagonal reinforcement. For such a
beam the applied moments and shear are resisted by the internal diagonal
compression and diagonal tension forces. When a full depth open crack exists
after cyclic loading the diagonal steel carries both the moment and flexure
without assistahce necessary from the concrete other than stabilizing the
compression bars against buckling. Diagonally reinforced coupling beams have
been shown to have excellent characteristics, and the hysteresis loops have
almost the stability of a steel member. strength degradation only occurs if
buckling of compression bars commences [64-72,7].

Fig. 31 Diagonal Reinforcement in
Coupling Beam [7]

Two one-quarter scale reinforced
concrete coupled shear walls have been
tested under pseudo-static cyclic loading
to verify behaviour of coupling beams in
a complete structure during seismic
loading [67-72,7]. Fig. 32 shows a
model with diagonally reinforced
coupling beams under test (the wall was
tested horizontally for convenience> and
also a model with conventionally
reinforced coupling beams standing
upright after testing. Sliding shear
failure eventually occurred in all beams



Fig. 33 Reinforced Concrete
Coupled Shear Wall
Model With Diagonally
Reinforced Beams
After Testing [69,70,
72]

of the conventionally reinforced model. Fig. 33 shows the model with diagonal
reinforcement after testing and it is evident that sliding shear failure of
the coupling beams has not occurred. Both models showed significant ductility,
but as expected the model with diagonal reinforcement showed less damage and
more hysteretic damping ability. Diagonally reinforced coupling beams are now
becoming commonly used by designers in New Zealand (see Fig. 34).

Shear Wall - Frame Interaction

Tests on two quarter-scale reinforced concrete shear wall - frame models
under pseudo-static cyclic loading have recently been completed in New Zealand
[73,74]. Fig. 35 shows one of the models on its side after testing. In the
first model which had conventionally reinforced beams a sliding shear failure
eventually occurred in all the plastic hinges near the wall, even though the
nominal shear stress in the beams at the development of flexural capacity was
quite moderate, being approximately 190 psi (1.3 MFa). In the second model the
beams were reinforced diagonally in the plastic hinge regions and behaved very
satisfactorily. Thus although adequate ductility can be achieved by
conventional detailing, the diagonally reinforced members showed more stable
hysteresis loops and less stiffness degradation.

287



288

Construction Joints

Reinforced Concrete Shear Wall - Frame
Model After Testing [73,74J

Diagonal Reinforcement for Coupling
Beams of Shear Walls During
Construction

Fig. 35

Sliding movements
are sometimes observed
along horizontal
construction joints in
shear walls. Shear
transfer by aggregate
interlock (shear
friction) along
preformed cracks has
been examined by
monotonic and cyclic
load tests [75,76,7J.
Specimens have also
been tested to study
the contribution of
dowel action, surface
preparation, and
reinforcing content to
the shear strength of
construction joints
under monotonic and
cyclic loading [77,
78,71. Fig. 36 shows
a test specimen after
shear loading along a
horizontal construct
ion joint. It was
found that adequately
reinforced horizontal
construction joints
with a clean and rough
surface, to which
freshly placed concrete
will bond, can develop
an interface shear
strength which is
equal to or larger
than the shear strength

of the remainder of the wall. For design purposes dowel action should be
neglected, since it is only developed at large slips. Use of an apparent
coefficient of friction of unity with the shear friction provisions of ACI
318-71 should give a sufficiently conservative procedure in seismic design.

Fig. 34

Required Further Research

Aspects of shear wall behaviour which require further investigation are:
the efficiency of various shapes of wall cross section and the necessity for
flanges or columns at the edges of walls; the criteria for lateral instability
of the compr~ssed edges of walls; the possible use of vertical prestressing
tendons in walls,with nonprestressed steel only in potential plastic hinge
regions if it is present at all, in order to avoid lapping reinforcing bars;
the transverse steel details to confine the concrete and to prevent buc~ling
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of compression steel; diagonal reinforcement in members; and the reason why
some designers in overseas countries consider it necessary to bury structural
steel frames in reinforced concrete shear walls.

BASE ISOLATION OF BUILDINGS

FULL SCALE SHAKING TESTS

Some small amplitude steady
state vibration tests have been
conducted in New Zealand on full
scale reinforced concrete buildings
which were excited in the elastic
range by vibration apparatus clamped
to the structure [79,80]. Such
tests give valuable information
concerning the dynamic character
istics of buildings and foundation
compliance in the elastic range of
response.

Horizontal Construction Joint
in Test Frame After Testing
[77,78]

Fig. 36

A range of mechanical devices
which act as hysteretic dampers
have been investigated at the

Physics and Engineering Laboratory of the Department of Scientific and
Industrial Research, New Zealand. These energy dissipation devices may take
the form of steel elements which bend, roll, or twist, lead extrusion or lead
shear devices [81]. Some of these devices are suitable for insertion
between the foundations and the structure of buildings to form base isolation
systems. A recent study [82] using nonlinear dynamrc··analysis has
demonstrated that base isolation is most efficiently employed in short to
intermediate period structures. Seismic forces in the structure are
decreased and hence ductility requirements are reduced. This method of
protection against seismic loading holds much promise. It is a practical
approach to design now,and no doubt will be more used when further detailed
studies have been completed.

CONCLUSIONS

New Zealand has been active in recent years in updating its design codes.
The code for general structural design and design loadings for buildings,
which contains general provisions for seismic design, is now published. The
code containing detailed provisions for concrete design, which is almost
complete and is in draft form at present, will result in a high standard of
detailing of reinforced and prestressed concrete structures for earthquake
resistance. The concrete design code is based on current American practice
for seismic design with additional pro~sions based on the findings of
recent research. This code will be more extensive than previous editions but
this is seen to be necessary. The capacity design procedures recommended are
aimed at ensuring ductile behaviour of the structure and minimizing strength
and stiffness degradation during severe earthquakes. Reinforced concrete is
the dominant building material used in New Zealand. Prestressed concrete is
now accepted for seismic resistant construction and this will be the first
occasion that seismic provisions for prestressed concrete will be included
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in a New Zealand code.

A considerable amount of research and development into the design of
earthquake resistant reinforced and prestressed concrete frames and reinforced
concrete shear walls has been conducted in New Zealand in recent years. This
work has been both analytical and experimental involving model and full-scale
structural elements, subassemblages and complete structures. Particular
emphasis has been given to material behaviour, detailing of plastic hinge
regions, beam-column joint detailing, column protection from seismic actions,
and shear wall detailing. The design profession has taken a lively interest
in this research and development. An excellent interchange of views has
taken place and agreement has been reached on seismic design procedures as a
resul t of conferences and meet-i!'lgs. The New Zealand National Society for
Earthquake Engineering has taken a leading role in maintaining excellent
communication between research workers and designers.

An inevitable result of research and in-depth investigations is a crop
of further problems. Although it is felt that a high standard of detailing
has already been achieved, further research is necessary to improve and
refine existing procedures.
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INTRODUCTION

The state-of-the-art and the state-of-the-practice in both the selec
tion of and the uncertainty within ground motion input and the way the input
are used vary substantially. This difference is so great that the require
ments of this paper may be best served by separate discussions of the
state-of-the-art as it is currently perceived and the means by which ground
motions are presently considered in the vast majority of designs. While
both topics are covered in an abbreviated form it is hoped that the list of
references will serve as a guide for the interested reader.

CURRENT PRACTICE

The sole mandatory requirement for seismic design of structures at the
present time is that the design be shown to satisfy the appropriate building
code. The requirements of the particular code may be different but proof
that they have been met must be demonstrated to building officials. This
simple requirement has led to two divergent and counter-productive tenden
cies. The first comes from the designer who is often pressured by the
architect and building owner to produce a design which satisfies the legal
requirements but does not provide sensible seismic protection. The code is
looked on in such a situation as an adversary instead of a guide. The
second response comes from those who recognize that some designers do look
at the code in this way and recommend with each code revision that design
requirements should be increased. We now have a situation where schools in
California built since the passage of the Field Act in 1933 and have a
splendid performance record during recent destructive earthquakes do not
satisfy the current codes.

Those structureS which suffered the most distress in the San Fernando
Earthquake were frequently found to satisfy the code requirements while
having defiCiencies in continuity etc. which cannot be remedied by code
modification alone, especially the simple expedient of requiring higher
forces. Higher force requirements will result in stiffer structures. As
many of the major problems in earthquakes are produced by displacements,
designs which produce stiffer structures may be self defeating, especially
for relatively brittle structural materials such as reinforced concrete.

The 1974 Edition of the Recommended Lateral Force Requirements and
Commentary of the Structural Engineers Association of California saw the
first United States use of a factor relating different design force levels
to different soil profiles. This factor which can increase the lateral
force requirement by a factor of up to 1.5 requires the computation of the



period of the structure and the characteristic period of the soil profile.
In order to simplify the code procedures and recognize that ground motions
cannot be categorized by any single parameter the provisions being developed
by the Applied Technology Council [3J suggest a different method. For this
procedure the ground motion is represented by two quantities Aa (the effec
tive peak acceleration) and Av (the effective peak velocity-related accel
eration). For most parts of the country the values for Aa and Av will be
equal. In areas at moderate distances from the major seismic source zones
the value of Av will be larger than Aa • This difference is produced by the
slower attenuation of ground velocity than ground acceleration with distance
from the seismic source. The maps for Aa and Av in contour form are shown
in Figures land 2. The contours show the quantities Aa and ~ which have
approximately 80 to 95 percent probability of not being exceeded in 50 years.
This probably represents the most significant change being contemplated,
recognition of both the probable size and frequency of earthquake occurrence.
For locations inside the maximum or minimum values a constant value equal to
the maximum or minimum value is assumed. For locations between contours the
values should be obtained by interpolation. If the use of maps based on
Figure land 2 are adopted in future codes they are expected to be in the
form of zone maps with zone boundaries based on political jurisdictions,
using county borders as the boundaries. In highly seismic regions such as
California where counties pass through several contours some additional
local subdivision would be advisable.

The adaptation of contour maps to zone maps based on political sub
divisions is an example of the difference that exists and will continue to
exist between the state-of-the-art and the state-of-the-practice. While
contours are clearly the more preferable technique they are unacceptable
to building officials who must adopt and then enforce code provision, so a
compromise had to be made.

The code provisions for lateral force would be obtained using the
following coefficient Cs with the weight of the structure

C =~
s RT 2/3

a

where S is the soil factor as given in Table 1 below.

Ta is a simplified approximation to the fundamental building
period for use in defining base shear

R is a response modification factor based primarily on
ductility and damping considerations

TABLE 1

Soil Profile Coefficient

Soil Profile Type
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A

1.0

B

1.2

C

1.5
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The three soil profile factors defined as follows:

Soil Profile Type A is a profile with:

1. Rock of any characteristic, either shale-like or crystalline
in nature. Such material may be characterized by a shear
wave velocity greater than 2,500 feet per second, or

2. Stiff soil conditions where the soil depth is less than 200
feet and the soil types overlying rock are stable deposits
of sands, gravels, or stiff clays.

Soil Profile Type B is a profile with deep cohesionless or stiff clay
conditions, including sites where the soil depth exceeds 200 feet and the
soil types overlying rock are stable deposits of sands, gravels, or stiff
clays.

Soil Profile Type C is a profile with soft- to medium-stiff clays and
sands, characterized by 30 feet or more of soft- to medium-stiff clay with
or without intervening layers of sand or other cohesionless soils.

The maximum value of Cs is controlled by the quantity ofoAa in the
following way. The value of Cs need not exceed 2.5 Aa/R for Types A, Band
C soils except where Aa is equal to 0.3 or greater. In that case Cs need
not exceed 2.0 Aa/R for Type C soils. Examples of the lateral force
coefficient curves given by this relationship are shown on Figure 3. The
similarity of the form of these curves to spectral averages obtained by
Seed et al [38J can be seen by comparison with Figure 4. The simpler con
cept describes the Lateral Force Coefficient by including site conditions
directly and removes the requirement that Ts be computed.

The most significant change of all is the formal recognition that
ground shaking larger than that recommended for design has a small but finite
probability of being exceeded. Although previous code commentaries did not
guarantee successful performance if the requirements were conformed to it
was implied that they would be resisting major earthquakes. For example, the
commentary to the Structural Engineers of California Recommended Lateral Force
Requirements discusses resisting major earthquakes "of the intensity of
severity or the strongest experienced." The recognition of a finite
exceedance probability allows the treatment of earthquakes in a manner
similar to other natural phenomena such as winds and floods. It also
requires the careful consideration of the level of uncertainty in the choice
of ground motion. Some aspects of this uncertainty are covered in a later
section of this paper.

It is not possible to review in this paper different approaches to
ground motion evaluation used in codes of countries other then the United
States. Although approaches vary all codes are for regulatory purposes
only. It is a simple but true observation that good design, including
seismic design is impossible to achieve by legislation alone. Special
structures currently use more sophisticated design procedures and require
definition of design motions in more detail. This definition is usually
done in a deterministic way either as a design response spectra, a design
time history or both. Little consideration is given, once these determin
istic parameters have been selected, to any possible design considerations



that might be altered if the bases of the choice were more widely appreciated.
Much judgement is required in the selection of design motions and different
individuals will judge different levels of conservatism for design as being
adequate. The building code or its equivalent will set the minimum standard.
The question which remains to be answered is: how can a procedure be estab
lished to provide guidelines that might lead to a repeatable and reliable
means of selecting ground motion?

STATE-OF-THE-ART

Interest has grown in the direct application of strong motion records to
the design process since the first acce1erograph records were obtained in the
1930·s. Since that time the number of strong motion records has increased
almost exponentially. The February 9, 1971 San Fernando earthquake provided
the first opportunity to directly examine a large set of records from a single
event to find possible effects related to soil profiles [13,17], location with
respect to upthrown or downthrown block [2], etc. By the use of statistical
procedures it has been possible to estimate not only the most probable values
of the principal seismic parameters but also the amount of variability of these
parameters. As these ground motion and spectral parameters are of direct use
and interest in reinforced concrete design they will be addressed in moderate
detail.

Before describing specific ground motion quantities and effects the
probability of occurrence of the design motions should be considered together
with the option of one or more design levels representing different loading
conditions. The most familiar dual level requirement is that of the Nuclear
Regulatory Commission in the United States. The upper of the two levels, the
Safe Shutdown Earthquake, is represented as the maximum earthquake which a
structure is likely to ever experience based on the geology and tectonics of
the region. The lower level can be decided on purely economic grounds but is
usually not. The Nuclear Regulatory Commission requirements state that the
plant must be closed down for detailed inspection after the lower level motion
has been exceeded. Until recently the motion levels for the lower level event
were established as one-half of the safe shutdown earthquake. Probabilistic
procedures are now accepted as a means of justifying a lower value.

While it had been thought that the safe shutdown earthquake represented
close to the maximum possible event at the site, careful probabilistic and
seismologic studies have suggested that the safe shutdown event motion levels
have an annual probability of exceedance of 1 x 10-4 to 1 x 10-5•

Probabilistic techniques are well described in the literature [4,6,7,8,
12,14,20,29] and other investigations [13,18,19,21,42] have studied the
seismo1ogic and geologic parameters which must be included in any probabilistic
evaluation of design ground motions. A1germissen and Perkins [1] have produced
a map of the contiguous states showing contour levels of peak acceleration in
rock with a 90 percent probability of not being exceeded in 50 years. Their
map was the starting point for the development of the ATC-3 acceleration map
shown on Figure 1. There are several important points regarding the
Algermissen-Perkins map which should be mentioned. They used in their study
attenuation relationships published by Schnabel and Seed [37]. Unfortunately
the Schnabel-Seed relationships do not represent mean values and their degree
of uncertainty is not known so incorporation of this important factor into the
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work of Algermissen and Perkins will present some difficulties. The seismic
source zones chosen by Algermissen and Perkins represent their best estimates
based on available information. There are additional reasons why the Applied
Technology Maps differ from those of Algermissen and Perkins •. These are
discussed by Donovan et al [15].

PEAK ACCELERATION

Peak acceleration has been the most widely used single strong motion
parameter in studies of earthquake behavior. Its only advantage has been its
ready availability especially as obtained from a paper or film record from
a strong motion instrument. The lateral force coefficient on a structure is
taken as some portion of its weight so the lateral force can be related to the
acceleration of gravity. It should not and cannot be related to peak instru
mental accelerations. Although conclusions to complex studies have been based
on comparison of observed and computed peak accelerations peak acceleration is
a notoriously inconsistent and widely varying parameter. The range that this
variation can sometimes cover is shown on Figure 5 where data points obtained
from strong motion instrumentation during a small, magnitude 5.5 earthquake
which occurred near Ferndale, California on June 7, 1975, are compared with
estimates of peak acceleration using different relationships. Some of the
values on Figure 5 lie outside 2 standard deviations from the mean values upon
which the Donovan and Esteva curves are based. In the near field recent work
by Hanks and Johnson [26] has suggested that for magnitudes above 4.5 peak
acceleration may have no relationship to either the earthquake size or the
true severity of ground shaking on structures.

With such limitations why is acceleration still in use as a design ground
motion parameter? The use of an acceleration term is retained as a scaling
term against which all other design ground motion terms are related. In this
usage the instrumental peak acceleration is not used. The Applied Technology
Council Study adopted a term called Effective Peak Acceleration (EPA) which is
defined in the following way. "For a specified actual ground motion of normal
duration, EPA and EPV (effective peak velocity) can be determined as illustrated
in [Figure 6]. The 5 percent damped spectrum for the actual motion is drawn
and fitted by straight lines between the periods mentioned above (see figure).
The ordinates of the smoothed spectrum are then divided by 2.5 to obtain the
EPA and EPV. The EPA and EPV thus obtained are related to peak ground accel
eration and peak ground velocity but are not necessarily the same as or even
proportional to peak acceleration and velocity."

The EPA value therefore is similar in magnitude to the average instru
mental maximum value but should not be expected to be equal to any individual
value. This same form of spectral averaging using normalization of response
spectra to produce design motions has been performed by many investigators
[5,23,24,25,32,33,34,38] since the first averages of Housner [27].

The uncertainty in the data set has been included in the derivation of
acceleration attenuation relationships by Esteva [19,20,21], Donovan [10,11],
McGuire [31], and Donovan and Bornstein [14,16]. Trifunac and Brady [41] have
published relationships but location of a distinct measure of parameter
uncertainty in their papers is not possible. Their values are summarized in
Table 2. As the relationships are expressed in exponential terms and the
variability is known to be lognormally distributed the factor listed is more



significant then the standard deviation. This factor is the quantity by
which the mean value must be multiplied to find the value one standard
deviation higher than the mean value.

TABLE 2

Estimates of Uncertainty

Standard Deviation
Author Lognormal Factor

a) acceleration
Esteva 1970 1.02 2.8
Esteva & Villaverde 1973 0.64 1.9
Donovan* 1973 0.48 1.6
Donovan 1973 0.71 1.3+1.6
Donovan & Bornstein**1975 0.3 +0.5 1. 4+1. 7
Seed et al*** 1976 0.3 +0.5 1.7
McGuire 1974 0.51

b) velocity
Esteva 1970 0.84 2.3
Esteva &Villaverde 1975 0.74 2.1
McGuire 1974 0.63 1.9

c) displacement

McGuire 1974 0.76 2.1

* San Fernando data only
** Site specific relationship
***Seed et al data are sorted by site characteristics

and consider only one magnitude level

The values show that when a complete data set is considered without the
classification of site conditions the multiplication factor which is used to
obtain a value one standard deviation greater than the mean value may be as
large as 2. There is not much data published regarding the standard deviation
for site specific acceleration data but Donovan and Bornstein estimated that
for accelerations on rock and stiff soil sites the standard deviation may be
reduced to below 1.5. What this implies is that even when we know what the
site conditions are and we know the location of the probable source we still
have only a 70 percent chance of measuring a value within plus or minus 50
percent of our computed quantity.

VELOCITY AND DISPLACEMENT

Velocity and displacement have been examined in two different ways.
Probably the more common method in use at the present time is a comparison of
the peak velocity and displacement with the peak acceleration [24,25,32,39].
Some efforts have been made by Esteva and McGuire to develop direct attenua
tion equations for peak velocities and displacements. Velocity and displace
ment data exhibit much more scatter than acceleration and are greatly affected
by site conditions but in a different way. Whereas high rock accelerations
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may be attenuated by a soil profile and small accelerations may be amplified,
velocity and displacement values tend to be amplified at most motion levels.
The standard deviation factors for some velocity and displacement equations
are also included in Table 2.

The direct comparison of peak velocity and peak acceleration was under
taken by Newmark and Hall [33] and has been repeated by others. Site con
ditions have not been considered by Newmark and Hall, but Mohraz [32] has
extended work he initially performed with Hall and Newmark to include these
effects. Some of the basic relationships are given in Table 3. While Table
3 shows the similarity of results by different investigators, Mohraz is the
only one to show the standard deviation multiplier. These values in Table 3
show that the uncertainties in the quantity ratios from specific events are
approximately equal to the uncertainty between the individual quantities
themselves. The attenuation relationships proposed by Esteva and McGuire
are magnitude dependent and will give different via ratios for different
magnitude and distance values. The values in Table 3 do not include magni
tude and distance, so a comparison of the range of values predicted by use
of the mean attenuation equations of Esteva and McGuire could be of value.
If the range of magnitudes is varied between 4.5 and 7.0 and epicentral
distances are varied between 1 and 65 kilometers (0.6 to 40 miles), then the
variation of the via ratio for Esteva (1973) is between 81 and 119 cm/sec/g
(32 to 47 inches/sec/g) with a mean value of 102 cm/sec/g (40 inches/sec/g).
Similar values for McGuire vary between 60 and 133 cm/sec/g (23 to 52
inches/sec/g) with a mean value of 89 cm/sec/g (35 inches/sec/g). The vari
ation in the ratios computed directly from the equations are in accord with
seismological observation that the velocity-acceleration ratio should in
crease with both increasing magnitude and increasing distance from the
source.

TABLE 3

Ground Motion Parameter Ratios
Standard
Deviation

Via VIa Via Via Factor
Newmark-Hall Seed et al Mohraz Mohraz

Profile Type cm/sec/g cm/sec/g cm/sec/g
1.* s* L S

Rock 61(24)** 66(26) 61 (24) 69(27) 1.58 1.63

Stiff Soil 114 (45)

Deep Sand 140(55) 76(30) 91(36) 1.53 1.61

Alluvium 122(48) 122(48)145(57) 1.44 1.49

* Mohraz considered horizontal data in two sets. L comprises the set
containing the largest horizontal component from each site and the
S set contains the lower value.

** Numbers in parentheses are in units of inches/sec/g.



RESPONSE SPECTRA

Average response spectra including some estimates of the uncertainty
have been published by Newmark et ai, Blume et aI, Seed et al and Mohraz.
The procedures for averaging require normalizing some quantity within the
response spectra. All investigators have used normalization of the peak
acceleration for some portion of their study. Seed et al used this
normalization throughout, even in areas of the spectrum where velocity
and displacement control. The other investigators used different normali
zations for different frequency ranges and then were able to form an average
spectrum based on the separate components. The procedures by which the
spectra are constructed are reasonably familiar and will not be described
here.

The estimates of uncertainty appear to vary slightly across the
spectrum but are not great enough to warrant special attention. In Table
4 the average ratio between the mean response spectra coefficients and the
mean plus one standard deviation coefficients are shown for three different
damping levels. As these spectra are computed from selected data sets and
are not based on the total data the standard deviation should be expected
to be slightly reduced.

TABLE 4

Spectral Uncertainty
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Damping Level
Averaged Across Spectra

Blume-Newmark Mohraz Seed et al

Average 1.42

1.37

1.30

SUMMARY

1.41

1.36

1.31

1.4

It can be seen that no matter how ground motion input for design is
defined a large amount of uncertainty exists. This uncertainty must be
recognized and it must be included in the selection of the total criteria
used for design. It is imperative, however, that the uncertainty of the
whole project be included in the design study rather than compounding the
uncertainty of each individual part. Unbridled conservatism could quickly
lead to ridiculous criteria. If a conservative acceleration is chosen and
then spectra are constructed using conservative ground motion ratios and
spectral amplification factors, it is an easy step to end up with criteria
that are up to 4.5 times the most probable or mean value. This only relates
to the ground portion of design. When each step is considered in this way
the use of maximum conservatism is unconscionable. It 1.s important to urge
that the uncertainty in design be considered so that the total degree of



304

conservatism is not much greater than that existing in the selection of
individual parts. For example, the choice of mean acceleration values and
ground motion ratios with conservative spectral amplification values is a
useful starting concept.

NEW DIRECTIONS

As the previous section has shown there still exist major unresolved
problems relating to the uncertainty of ground motion parameters. Part of
the problem has been due to the separation of parts of the problem between
disciplines. The seismologist and geophysicist may consider the uncertainty
of the representative peak parameters; the earthquake engineer may then
ignore the uncertainty in these parameters but consider the uncertainty in
the spectral parameters on the basis that the prior numbers are known.

A1though i.t was never expli.ci.tly stated i.t was the i.ntent of Newmark
and Hall in recommending the use of mean plus one standard deviation response
spectra that mean values would be used for the basic parameters. Fortunately
this original intent has been ignored. Page [35] has made the spurious
assertion that the largest peak acceleration measured is primarily a function
of the number of instruments deployed. It is reasonable to expect to get a
larger maximum as the data set increases in size. At. the same time as the
largest maximum values increase the mean value will become more firmly es
tablished. Statistical evaluations and studies must be based on mean values
even if they are from a set of maximum values.

There is evidence that some 'of the apparent scatter of data may be re
duced if data sets are processed differently. The ratio between the motion
peak and the root mean square value over a carefully defined duration
[9,11,28,41] has been used in some probabilistic applications [10,22,30].
Recent studies using r.m.s. techniques for both time histories and response
spectra are summarized in a paper prepared for this workshop by Shah and
Mortgat [40]. These procedures appear to offer the most promise in better
defining typical ground motion parameters for design use by giving more
stable quantities.

CONCLUSIONS

It is readily apparent from observation of the values in Tables 2, 3
and 4 that there is a larger degree of uncertainty in presently used tech
niques of selecting design ground motions. Large projects require the
participation of professionals from different disciplines. It is expected
that each would apply some measure of conservatism to his recommendations.
The cumulative effects of this continued conservatism are rarely considered
for the total project. The effects of such accumulations in the geotechni
cal field have been aptly demonstrated by Peck [36].

Much of the strong dissension that has occurred in the fields of
ground motion evaluation and selection has probably come about from
research and studies which have examined portions of the seismic problem
in great detail While ignoring other possible effects of equally large
significance.
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Figure 5: Instrumental Peak Acceleration values recorded during the
June 7, 1975 Ferndale Earthquake (Magnitude approximately
5.5 with a 20 kilometer focal depth).
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STATE-OF-THE-ART !N ESTABLISHING DESIGN EARTHQUAKES

by

Vitelmo V. Bertero
Professor of Civil Engineering

University of California, Berkeley

INTRODUCTION

The main objective of this paper is to review the state-of-the-art in
establishing design earthquakes by looking at the role of earthquake ground
motions in the overall problem of seismic-resistant design of buildings
rather than just the isolated problem of predicting ground motions from a
geophysical, seismological, soil mechanics or any other specialized point
of view.

The need for looking at the establishment of design earthquakes from
this overall point of view has been pointed out in a recent paper by Biggs,
et al. [1]. In this paper the authors made a partial assessment of the
state-of-the-art of seismic design, pointing out that although the past two
or three decades have witnessed marked improvements in the analysis of
mathematical models SUbject to seismic input, there has not, unfortunately,
been a corresponding improvement in the ability to design structures for
earthquakes. Analysis has far outstripped practical utilization of the results
for design purposes. The paper indicated that the difficulties encountered
in the application of analytical methods to seismic design arise from uncer
tainties regarding the details of a ground motion and from the inherent
sensitivity of the response of the structural system of interest to the
detail of the ground motion input. It was further noted that the inadequacies
of present methods of seismic design of building structures are not onlY
derived from these uncertainties but that they reflect inadequate considera
tion of the earthqUake risk and associated costs involved.

The need for more comprehensive assessment of risk and cost has also
been discussed by Bertero and Bresler [2]. To achieve an optimum design, an
estimate of the economic losses resulting from failure is required. The
term "failure" as used herein is synonymous with "inadmissible limit states"
and includes all modes of undesirable behavior (from superficial damage to
collapse) which may render buildings unfit for use. Therefore a logical
approach to the seismic design and construction of a structure is that of
comprehensive design [2]. In applying this approach it should be recognized
that building damage may result from different effects of an earthquake:
(1) ground failures due to fault ruptures or those due to the effects of
seismic waves (soil vibrations creating fissures, landslides, lurching,
nonuniform compaction and associated differential settlement, and liquefac
tion); (2) vibrations transmitted from the ground to the structure; (3)
seismic sea waves (tsunami) and tsunami-like disturbances and seiches in
lakes; and (4) other consequential phenomena such as fires, and floods caused
by dam failures and by landslides plugging rivers or increasing the water
level of lakes.

The effect which usually concerns the structural engineer, and is
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presently accounted for by seismic-resistant design proVls~ons of building
codes, is the response of a structure to ground shaking. This is the only
source of seismic damage that will be considered in this paper, but it should
be recognized that in evaluating damageability of a building during its
service life that the effect of other main factors on both demand and capa
city of the building must not be neglected. These factors include aging,
changes in use, occupancy, or socio-economic conditions, structural and
nonstructural modification, fire damage and repair, corrosion, etc. [2].

According to the above remarks, to achieve an efficient earthquake
resistant building construction, the designer must pay careful attention to
the total seismic design and construction process. The various phases of
this process begin with evaluation of the seismic threat and representation
of the ground motions (establishment of design earthquakes), continue with
the selection of proper structural layout and prediction of the mechanical
behavior of the whole soil-building system, down to the detailed propor
tioning and detailing of the structural component together with their
connections and supports, and conclude with the final construction and
maintenance of the building during its service life (durability).

The main design aspects that should be considered as well as
interrelationships are summarized in the flow diagram of Fig. L
to this diagram the first and perhaps most difficult step is the
ment of the design earthquakes.

their
According

establish-

In this report the review of the state-of-the-art in establishing design
earthquakes is carried out by-first evaluating present methods. This is
followed by a review of studies that have been performed to evaluate the
reliability of inelastic design response spectrum methods. Finally, sug
gestions for future research in this area are offered.

EVALUATION OF PRESENT METHODS OF PRESCRIBING DESIGN EARTHQUAKES

Conceptually, the design earthquake should be that ground motion which
is "critical," i.e. which drives the structure to its critical response.
The application of this simple concept in practice meets with serious
difficulties, however. This is because first, the ground motion is very
complex, and secondly, even for a specific structural system, the critical
response will vary according to the different limit states that could control
a design. Furthermore, the detail of the design earthquake (or ground motion)
will depend on the design problem at hand. MOre specifically, if the problem
is to obtain only the design seismic forces for a preliminary design, the
design earthquake could be specified in the form of a smoothed response
spectra. On the other hand, if consideration is given only to the final
design--the proportioning and detailing of the critical regions of a' struc
ture--or to study of the reliability of a selected design, it will be necessary
to specify time-history ground motions. In this sense the establishment of
adequate design earthquakes is analogous to the establishment of proper
material stress-strain diagrams for predicting mechanical behavior of struc
tures.

The ground motion experienced at a site is a complex function of the type
and characteristics of the source mechanism, the nature of the intervening
geological structure, and the topographical and soil conditions near the site.
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FIG. 1 FLOW DIAGRAM OF GENERAL ASPECTS AND STEPS INVOLVED IN ASEISMIC DESIGN

A common design simplification is to consider only nonconcurrent action of
horizontal, translational ground components. For sites near the earthquake
source, it may be necessary to base structural response evaluations on the
simultaneous action of all six ground components [3] and to consider
realistically the nonlinear soil-structure interaction rather than to use
predicted free-field ground motions.

Actual records of all ground motion components should be obtained in
future earthquakes in order to study their effects on building response and
to determine the minimum data required by structural engineers to define
design earthquakes.

At present it is very difficult to predict accurately the response of a
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building to this complex ground motion since, depending on the function and
type of structure, different limits of usefulness (limit states) can control
the design. In the past it has been recognized that at least two main limit
state cases should be considered: one in which the design is controlled by'
serviceability limit states, and the other, by ultimate limit states. In
the former a structure should essentially remain in its linear-elastic range
of behavior to avoid functional failure; in the latter, inelastic behavior
up to the point. of incipient dynamic collapse could be tolerated. Examina
tion of building damage resulting from recent severe seismic ground shaking
has revealed that although some buildings were far from reaching the collapse
limit state, the degree of nonstructural damage was so great as to constitute
failure. It was therefore deemed necessary to consider explicitly in seismic
design a third category of limit states based on damageability [2] which
would bridge the gap between serviceability at one end and safety against
coriapse at the other end.

An evaluation of present methods of prescribing earthquakes for each
of these main limit states follows.

Serviceability Limit States

Seismic codes have specified design earthqUakes in terms of a building
code zone, a site intensity factor, or, as in most modern codes, as a peak
or effective site acceleration [4] . Reliance on such an acceleration alone,
however, is generally inadequate. The following different methods have also
been recently suggested: response spectrum, time-history ground motion,
and design based on random vibrational analysis. In cases where service
ability limit states control design, structures should remain essentially in
their elastic range. For these cases and for structures located at moderate
distances from the source, it is generally agreed that one of the best ways
to specify the design earthquake is by a smoothed, linear-elastic design
response spectrum (LEDRS). Such a spectrum can be constructed from sta
tistical analysis of elastic spectra obtained for appropriate accelerograms
(real or simulated), or, by scaling the peak ground acceleration, velocity,
and displacement from_ spectral amplification factors statistically derived
for various amounts of damping [5]. When only estimates of peak ground
acceleration are available, reasonable values for the peak ground velocity
and displacement may be obtained by multiplying the ground acceleration
(expressed as a fraction of gravity) by 122 em/sec. (48.0 in./sec.) and 91 em
(35.8 in.), respectively [6].

AB pointed out by Biggs, et al. [1], the only difficulty in using the
response. spectrum approach lies in the combination of modal components to
predict the peak responses. The square root of the sum of the squares (SRSS)
of the modal peaks is commonly used with special consideration given to
closely spaced modes which may be additive.

The use of a specific time-history seismic ground motion (either actually
recorded, normalized to a desired peak intensity, or artificiaJ.ly derived) is
attractive because it provides a deterministic result for the selected motion.
However, any two motions may produce quite different peak responses even if
they have the same intensity and statistical properties. For design purposes
this would require analyzing for several motions, resulting in an excessive
amount of computations. The use of artificially derived motions, generated



~rom a predicted ground motion response spectrum or a spectral density
function, has the advantage over actual recorded motions in that a single
record can represent the predicted single-degree response over the entire
~requency range. However, this does not eliminate the di~~iculty in
predicting peak responses because two statistically equal, arti~icial

motions remain di~~erent in detail and produce di~~erent results ~or

multi-degree systems.

The advantage o~ design based on random vibrational analysis is that it
enables the true probabilistic nature o~ the seismic response to be
accounted ~or. This method easily produces the root mean square (RMS)
response in a single mode. However, di~~iculties arise in predicting the
ratio o~ peak to RMS response and in combining modal response and as such,
certain assumptions must be made to obtain the total peak response.
Furthermore, the use o~ a probabilistic model is no less arbitrary than
when the model is deterministic [7]; in the ~ormer the arbitrariness lies
in the assumption concerning the probability distribution underlying the
model. Nevertheless , it seems probable that design based on random vibra
tional analysis will eventually prove to be the most satis~actory approach.

The di~~iculties encountered in all three methods stem ~rom the same
problem, namely, that the details o~ the time-history ground motion which
have an important e~~ect on the response o~ a multi-degree system, cannot
be predicted ~or a given site.

Biggs, et al. [1], summarized the results o~ studies at MIT in which
a ~our-degree, shear beam type system was analyzed ~or a group o~ 39 actual
earthquake accelerograms normalized to 0.3g peak grmund accelerations.
Comparisons were made among (1) the statistics o~ the 39 peak responses,
(2) the response predicted by the mean response spectrum o~ the 39 motions,
and (3) the response due to 15 arti~icial motions, all generated ~rom the
mean spectrum. Typical results are shown in Table 1. The analysis o~

these results indicates that:

1. Peak ground acceleration is not a su~~icient indication o~ earth
quake e~~ects and use o~ actual ground motion records is not a reasonable
design approach (note the large coe~~icients o~ variation, greater than 0.40).

2. Response predicted by a response spectrum analysis using SRSS modal
combination based on a mean response spectrum o~ the 39 accelerograms agrees
very closely with the mean o~ the 39 time-history analyses. The same is
true ~or the mean plus one standard deviation or any other probability level.
Thus the much simpler response spectrum method produces a reliable predic
tion o~ many motions at the site and eliminates the need ~or numerous time
history analyses.

3. Means o~ the 15 response obtained ~rom 15 arti~icial motions all
generated ~rom the mean response spectrum agree very closely with those
obtained by the other two methods. Despite identical statistical properties
o~ the arti~icial motions, however, the coe~~icients o~ variation are still
large (greater than 0.24). In ~act, the ratio o~ maximum to minimum response
~or the 15 motions exceeds 2 in all cases. There are two reasons ~or this
variation. First, it is impossible to match exactly the response spectrum,
and secondly, ~or di~~erent motions the modes combine dif~erently to produce
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TABLE 1
PEAK INTERSTORY ELASTIC DISPLACEMENTS OF FOUR-STORY BUILDING,

FUNDAMENTAL PERIOD = 1.13 SECONDS
(From Reference 1 - Reprinted by permission of Prentice-Hall, Inc., N.J.)

SRSS Modal
Time-History Analysis--Mean Time-History
Analysis of (or Mean + 0) Analysis of 39

Story 39 Earthquakes* Response Spectrum Artificial Motionst

1 0.122 0.126 0.133
2 0.107 0.104 0.155 Mean
3 0.092 0.088 0.093
4 0.063 0.059 0.064

1 0.194 0.193
2 0.169 0.166 Mean + 0
3 0.137 0.131
4 0.089 0.083

1 0.58 0.25 Coeffi-2 0·57 0.29 cient of
3 0.48 0.29 variation4 0.40 0.24

*Normalized to 0.3g peak ground accelerations.
tAll generated from mean response spectrum.

the peak response. Thus artificial motions do not solve the problem and
if used for design, several must be employed to ensure a safe result.

Response to a particular time-history input may be significantly affected
by slight changes in the natural period (Tl) of the structure. Since for
real structures Tl cannot be computed accurately, when time-history ground
motions are used for design it is necessary to assume a range of values for
Tl Which further complicates the procedure. By using a smoothed response
spectrum, the slight changes in Tl become considerably less important.
Because of the large variation that can exist in the estimation of Tl in
actual buildings, however, it is still convenient to use at least the
possible bounds of Tl rather than just one computed value.

In summary, Biggs, et al. [1] concluded that for elastic design, the
approach based on the use of a smoothed response spectrum is the most
reliable and certainly the most convenient. Design based on random vibra
tional analysis is of interest because of its rationality, but further
development is required before practicing engineers will be comforable with
this approach. As pointed out by Donovan [8], the danger. of complex design
procedures is that they can give a false sense of achievement. Thus for
cases where serviceability limit states control design, the most effective
way of defining the design earthqUake is through the use of an LEDRS.

Simple methods suggested for the construction of such a spectrum have
been based on so-called standard severe earthquake motions at moderate



distances from the causative fault. For building sites located near such
faults, however, the LEDRS should be based on the actual maximum values
that can be expected for the parameters defining the ground spectrum:
effective ground acceleration, velocity, and displacement [9]. These
values should be determined from analysis of available records and/or from
theoretical predictions based on the faulting process at the causative
fault. Estimates of the peak ground velocity and displacement obtained by
multiplying the expected ground acceleration by suggested coefficients
obtained from analysis of standard earthqUake ground motions alone can lead
to unconservative values of LEDRS [9]. If no records are available fOr
sites near causative faults, and if acceptable predictions of the effective
peak values for the ground acceleration, velocity, and displacement cannot
be made, then establishment of the critical earthqUake ground motion should
be based on techniques suggested by Drenik, Wang, and Wang [10], or Hoshiya,
Shibata, and Nishiwaka [11].

Further studies on the sUbject of spectral amplification factors for
different amounts of damping are needed. Significant differences were
found between the values of the ratio of maximum elastic responses cor
responding to different amounts of damping and those corresponding to
presently suggested amplification factors [9].

Ultimate Limit States

It is generally not economically feasible to design buildings near
faults for the forces indicated by LEDRS. Lower design forces may be used
if it is possible to take advantage of a building's ability to absorb and
dissipate energy by inelastic deformations. To ensure safety against
collapse or to avoid large economic losses due to damage, however, inelastic
deformations must be kept within acceptable limits.•

One of the most urgent needs in ERCEC is the development of a reliable,
yet practical, design procedure based on inelastic behavior considering the
two main categories of the ultimate state design, that is, damageability and
collapse. In developing this procedure, one of the main problems is to
establish reliable design earthqUakes.

The design of conventional buildings according to code requirements
anticipates inelastic behavior during severe earthqUakes although the design
is normally based on elastic analysis. Current code procedures based on
equivalent static force and elastic analysis are not satisfactory.

At present only time-history analyses offer reasonable prediction of
the response of multi-degree-of-freedom (MDOF) systems--models--in the
inelastic range. Problems in using time-history motions as input for
practical preliminary design inclUde the difficulties in reliably modeling
hysteretic behavior of a real building and the computational effort required.
This effort is considerably greater than required in the case of linear
elastic design because different mechanical models of the expected hysteretic
behavior (or at least their bounds) must be considered. Moreover, because
the variability in response to different possible ground motions is con
siderably greater than in the elastic case, design cannot be reliably based
on a single motion.
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To emphasize the importance of the variability in response to different
possible motions, the results obtained at MIT and reported by Biggs, et al.,
in Reference 1 are briefly discussed. The four-degree, shear beam type
system considered in the elastic analyses, whose results are presented in
Table 1, has been assumed to have at each story an elasto-plastic resistance
function with a yielding resistance at each story proportional to the first
mode elastic story shears.

Typical results, in the form of interstory ductility ratios, obtained
under the same 39 recorded and 15 artificial time-history ground motions
considered for the elastic case of Table 1 are shown in Table 2. Comparison
of the results presented in these two tables indicates:

TABLE 2
PEAK INTERSTORY DUCTILITY RATIOS OF FOUR-STORY BUILDING,

FUNDAMENTAL PERIOD = 1.13 SECONDS
(From Reference 1 - Reprinted by permission of Prentice-Hall, Inc., N.J.)

Analysis of Analysis of 15
Story 39 Earthquakes* Artificial Motionst

1 5.7 4.4
2 2.6 3.2 Mean
3 4.0 5.0
4 9.7 13.8

1 1.23 0.42 Coeffi-
2 0.48 0.31 cient of
3 0.48 0.28 Variation
4 0.49 0.39

1 38.6-0.8 10.2-2.6
2 5.9-0.8 5.6-1. 9 Max.-Min.
3 8.9-1.0 7.6-2.9
4 27.8-2.2 21.1-7.0

*Normalized to 0.3g peak ground acceleration.
tAll generated from mean response spectrum.

1. The means for the two sets of ground motions differ considerably in
each story , although the average over the four stories are similar.

2. The ductility ratios are much higher in the bottom and top stories.
This behavior is not predicted by elastic analysis, indicating another
inherent difficulty in design for inelastic behavior, namely, that of
achieving uniform, or any other designed, ductility ratios throughout the
structure.

3. The coefficients of variation are generally larger in the inelastic
case than in the elastic case.

4. The differences in the maximum and minimum responses for both sets
of motions are rather dramatic. This further illustrates that any two



motions, although presumed similar, may produce radically different inelastic
responses and any particular motion may be unconservative for design.

Analysis of the individual responses to the 39 recorded motions shows
that the yielding structure has an "effective inelastic period" longer than
the elastic period. While little correlation was found between the peak
~esponse and the ordinate of the response spectrum at the elastic period,
there is some correlation at the effective inelastic period. Designers
should be cautious in cases where a lengthening period may result in greater
elastic response.

This last observation has led some researchers to suggest the possibility
of using elastic response spectrum to predict peak inelastic response by
estimating the expected effective inelastic period. Unfortunately, this
effective period cannot be easily predicted, particularly in the case of MDOF
systems.

To further study the reliability of present code procedures, another MIT
study [1] is considered. In this case, several typical buildings were
designed according to the UBC and then analyzed to determine the inelastic
response due to a strong artificial ground motion. The time-history of this
motion was generated from postulated elastic response spectrum. Five designs
were made for each building corresponding to UBC zones 0, 1, 2, and 3 plus a
zone 4 with a seismic coefficient of 2. The results of Fig. 2 indicate that
with one exception, CSW-ll (a shear wall building with relatively short natural
period), an increase in the design zone had little effect in reducing the
required amount of average interstory ductility. The results also showed
even less reduction in the peak interstory displacements and a very poor
distribution of yielding over the height of the building. Thus it was con
cluded that:

1. Increasing the design zone does little to reduce damage in a strong
earthqUake. The writer would like to add that this observation applies only
to the strong ground motion considered in these analyses. As will be dis
cussed later, the use of other severe earthquakes with different detailed
dynamic characteristics (severe, long duration pulses) may have shown the
opposite effect.

2. The code procedure does not provide the designer with effective
means of improving the building's performance since s/he is not given direct
control over the response parameters (peak interstory displacement and duc
tility ratios) causing damage.

An improvement over the simple code procedure is to specify the design
earthquakes for ultimate limit states through the use of inelastic design
response spectra (IDRS).

Preliminary design loads can be obtained from IDRS derived by evaluating
the nonlinear dynamic response of structural models with realistic hysteretic
idealizations SUbjected to various ground motions with characteristics appro
priate to the site, e.g. see Reference 12. Simpler methods which directly
modify LERS to obtain IDRS using factors based on the elasto-perfectly
plastic response of single degree-of-freedom (SDOF) systems [6] are more
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commonly used [13,14].
The use of these types
of IDRS permits to design
for specified ductility
and drift ratios. How
ever, these methods are
based on limited numbers
of ground motion records,
and, as their proposers
have pointed out, they
should be used with
caution when applying
them to sites that can be
subjected to significantly
different kinds of ground
motions. Furthermore,
such methods may not be
suitable for MDOF sys
tems, or in cases where
the actual hysteretic
behavior is likely to
differ from the assumed
elasto-plastic idealiza

tion [6,9]. A valuable discussion on the basis and limitations of these and
other more precise methods for constructing IDRS directly from LEDRS can be
found in References 15-18.

The IDRS derived from response spectra of SDOF systems does not eliminate
the difficulty of achieving uniform (or any other desired pattern) yielding
and story drift over building height. The seriousness of this problem waS
demonstrated by results of studies carried out at MIT and Berkeley. In the
MIT studies summarized in Reference 1, simple shear beam models, designed
by IDRS derived as suggested by Newmark and Hall [6] were analyzed to obtain
the inelastic response to an artificial motion matching the design spectrum.
A typical result is shown in Fig. 3. While the average interstory distor
tions are very close to the design values, the distribution over the building
height is far from uniform. No satisfactory means for controlling this
distribution was found. The problem is further complicated by the sensitivity
of the results to the assumed resistance function, which cannot be predicted
with confidence. Repeating the analyses using a trilinear function, the
distribution was slightly improved, but when a stiffness-degrading model was
employed, excessive distortions were computed in both the top and bottom
stories.

A new design procedure proposed by the Applied Technology Council (ATC)
and experimentally applied to several buildings in the ATC-2 project [13)
utilizes IDRS derived from LERS and also attempts to control local member
ductility ratios and interstory drifts. For practicability, however, the
method is based on elastic modal analysis, and ductility ratios are computed
on the basis of the peak elastic distortion and the yield limit distortion.
As pointed out by Biggs, et al. [1], this procedure is questionable since
local, inelastic distortions may be quite different.

The studies carried out at Berkeley (9,19-22) show that the validity of
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deriving IDRS directly from the
LEDRS can be seriously questioned
because the types of excitations
that induce the maximum response
in elastic and inelastic systems
are fundamentally different. The
information used for computing,
and therefore contained in, LEDRS,
although necessary, is insufficient
for predicting the maximum inelas
tic dynamic response. This infor
mation should be complemented with
data on the duration of strong
ground shaking and the number,
sequence, and characteristics of
intense, relatively long accelera
tion pulses (i.e. pulses resulting
in large ground velocity incre
ments) that can be expected.
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FIG. 3 PEAK INTERSTORY DISPLACEMENTS AND
DUCTILITY RATIOS FOR BUILDING DESIGNED
BY IDRS (From Ref .. 1 - Reprinted· by
permission of Prentice-Hall, Inc., N;J.)

Duration of strong ground
shaking--Eefore discussing the
reasons for having this infor
mation, it is necessary to define
more specifically what constitutes
strong ground shaking and how the
duration of this intense part of
shaking can be established. No
unique level of ground acceleration
can be established as the thresh
old of strong ground shaking
because thi·s level depends on many
factors. Of these, the most
significant are the dynamic
characteristics of the ground

motions and of the building, and the yielding strength of the building. The
problem is complex because both elastic and, particularly, inelastic responses
are sensitive to the interrelation of these characteristics. The inelastic
response is sensitive to the possible deterioration in the dynamic charac
teristics and yielding strength of the building with the history of its
hysteretic behavior. In determining the duration of the strong motion, the
possibility of having one or more aftershocks should be considered.

It has been argued that the only information necessary for computing
LEDRS is the estimation of the peak response (in this case, maximum displace
ment ductility), which is not very sensitive to the duration of ground motion.
Although results obtained in a study at Berkeley [12] using four artificial
accelerograms with different periods of duration show that the influence of
these different periods was not large, quantitative results obt.ained in other
studies recently conducted at Berkeley [9, 19-22] and MIT [23] have clearly
shown the opposite. A review of the basic principles governing hysteretic
behavior and failures of actual structures under generalized dynamic exci
tations (such as those expected from earthquake ground motions) also show the
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important role that the duration of strong motion can have.

Failures under generalized dynamic excitations--Collapse of a structure
can occur as a consequence of "low-cycle fatigue" or "incremental deformations"
under excitation intensities lower than those required to induce instantaneous
collapse if these excitations are considered as monotonically increasing [24].
As pointed out in References 2 and 25, cumulative damage resulting from a
long, strong ground motion, a short main shock followed by a sucession of
aftershocks, or a combination of the main shock and another consequential
event or environmental exposure such as fire, can lead to either one of the
above two phenomena and therefore merits considerably more attention than
it has received.

Yamada and Kawamura [26] have discussed an Ultimate aseismic design
philosophy of reinforced concrete based on low-cycle fatigue. This type of
failure is very sensitive to detailing and quality control of materials and
workmanship used in construction. If errors in design or construction, or
lack of quality control of materials and of workmanship are eliminated, then
application of adequate seismic design provisions with possible further
improvements [27], will result in structural designs in which low-cycle
fatigue would not control the design. By detailing the expected critical
regions of different structural members according to recently proposed
seismic code provisions for preventing sudden tensile failure of the steel,
delaying the inelastic buckling and preventing early failures due to shear or
to crushing of confined concrete, the energy absorption and energy dissipation
capacity developed under cyclic reversals of deformation having. maximum
intensity will be so large as to resist the energy input of even the toughest
of credible seismic motions. Even under the most severe ground motions
recorded, the number of reversals that can occur between opposite peak defor
mations having the maximum intensity is not usually large enough to be of
serious concern [27]. It should also be noted that under full reversals of
symmetrically yielding and strain-hardening or strain-softening structures,
the p-~ effect is cancelled out (Fig. 4).

FIG. 4 EFFECT OF p-~ ON
HYSTERETIC BEHA
VIOR INVOLVING
FULL DEFORMATION
REVERSALS [2 ]

Studies carried out at Berkeley have shown that
one case where low-cycle fatigue could control the
design involves members that are used as structural
dampers to dissipate energy. One typical example
of such a case is that involving coupling girders
in coupled wall systems [28]. However, failure
of these members does not necessariliy lead to
complete structural failure. Since the·se elements
act as safety fuses between two different struc
tural resistant systems, their failure would lead
to a change in the dynamic characteristics of the
system rather than to a brittle failure of the
complete system. Low-cycle fatigue can be a
serious problem in structures that rely only on
energy absorption and dissipation throughout
shear deformation mechanisms and/or in bond slip
page mechanisms.

A schematic illustration of the incremental
collapse, denoted as "crawling collapse," is shown
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in Fig. 5. Recent studies [9]
have shown that this type of
failure can control the aseismic
design of structures, particularly
those at sites near the source of
seismic ground motions containing
severe, long acceleration pulses.
For example, the study of the
response of a multistory steel
frame, optimally designed using
a nonlinear method, to seismic
ground motions derived from those
recorded during the 1971 San
Fernando earthquake shows that the
frame will collapse due to the
type of incremental deformations
illustrated by the first story
displacement time-history response
of Fig. 6. The danger of incre

mental collapse is aggravated by the high probability that several aftershocks
of intensities and dynamic characteristics comparable to the main shock will
occur. As Newmark and Rosenblueth [25] have pointed out, it is not unusual
for a structure which is able to withstand a major shock with visible damage,
to collapse during an aftershock.

FIG. 5 P-~ EFFECTS ON INCREMENTAL
COLLAPSE TYPE OF RESPONSE INDUCED BY A
SERIES OF SEVERE ACCELERATION PULSES [2]

Although the P-~ effect is not a factor in failures due to low-cycle
fatigue, it is of paramount importance in failures of an incremental collapse
type. As a structure is deflected away from its original vertical equilibrium
position, the increment in sidesway deflection under repetition of the same
acceleration pulse will increase since the structure's available net yielding
resistance against lateral inertial forces is considerably reduced by the
P-~ effect (Fig. 5). Accumulation of these increasing incremental deflections
can lead to an instability phenomenon under a working load combination (gra
vity forces plus wind or minor earthqukes). Assuming that increasing defor
mations and numbers of reversal cycles may lead to deterioration in the
actual strength of the structure, the instability problem can be considerably
aggravated in actual buildings.

Number, seguence, and characteristics of intense, long-duration acceler
ation pulses--The need for this information is evident in the results obtained
by applying the vibration theory to SDOF systems [19]. In the linear-elastic
cas'e, the critical dynamic excitation is of a periodic type having a frequency
equal to that of the system which induces an engineering resonance phenomenon.
For this type of excitation, the dynamic magnification operator, D, can reach
a maximum value approximately equal to 1/21;. Thus, for values of 1; ranging
from 2% to 10%, D can attain values ranging from 25 to 5. Since the largest
value of D for an impulsive excitation is only 2, severe long acceleration
pulses are not usually critical for linear-elastic response.

In an inelastic system, such long pulses can become critical. This is
particularly true for a structure having a hysteretic yielding resistance,
Ry , equal to or less than the iner~ial force corr~sponding to the effective
ground acceleration of the pulse, Xe , i.e. By ~ MXe , where M is the mass of
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FIG. 6 RESPONSE OF lO-STORY FRAME TO DIFFERENT ACCELEROGRAMS [9]

the structure. In the case of elasto-plastic systems, the existence of
periodic, short acceleration pulses in the ground motion contributes only to
building the response of the system up to its yielding level. Once the system
begins to yield, the phenomenon of engineering resonance is depressed since
the energy dissipation through even small inelastic deformations is equivalent
to very large values of S. Therefore, large inelastic deformations are not
expected during each yielding excursion. Although the existence of periodic



short pulses can induce a series of yielding reversals, it is doubtful that
the number of these reversals can lead to the phenomenon of low-cycle fatigue.
This is because the amount of inelastic strain developed in each reversal will
usually be so small that the number of reversal cycles required to induce
fracture would exceed the number which canocaur, even in the longest con-
ceivable strong motion of an actual earthquake. This is so assuming that the
mechanism of energy dissipation is of a flexural type and that inelastic
buckling of the main reinforcement is restrained.

The above discussion indicates that the amplification factors to be
applied to the maximum gro1L~d accelerations in order to obtain the maximum
linear-elastic response of a structure are usually controlled by the engineer
ing resonance phenomenon. On the other hand, considerably larger inelastic
deformations can be induced by the presence of just one long pulse with an
effective acceleration equal to or just greater than that corresponding to
the yielding strength of the structure. Furthermore, repeated applications
of severe, long acceleration pulses can lead to the accumulation of suffi
ciently large inelastic strains, which could induce one or a combination of
the two types of failure discussed above, i.e. low-cycle fatigue or incre
mental (crawling) collapse. Of the two, the author believes the latter to
be the critical failure against which the structure should be designed.

It should be clear from the above discussion that the design earthquake
is not unique, even for a given site. As already pointed out, the critical
ground motion depends on the type of behavior that is expected to control the
response of the building at the site or on the limit states controlling the
design.

From results already available on the response of SDOF systems to impul
sive forces, it is clear that in the case of seismic ground motions the larger
the intensity of the effective acceleration of a pulse with respect to the
yielding strength of the structure, the shorter the rise time to the peak
acceleration and the longer the duration of the pulse relative to the funda
mental period of the structure, the larger the amount of inelastic deforma
tions that will develop. However, in order to specify quantitatively the
inelastic design earthquake, it is necessary to determine (1) the severity of
the long acceleration pulses that can be developed during an earthquake, and
(2) the manner in which these pulses can be defined. An attempt to resolve
these problems follows by analyzing the few existing records in which these
kinds of pulses have been observed.

Analysis of 1971 San FernandO Earthquake Records

Severity of long acceleration pulses--It is possible to address this
problem by analyzing the records of the two strongest motions obtained from
the San Fernando earthquake February 9, 1971. The only strong motion accel
erograph record near the fault rupture of this earthquake was obtained at
Pacoima Dam (PD). A seismoscope record was also obtained at the abutment of
the lower Van Norman Dam (VND), which was located near the fault zone.

Pacoima Dam record--This record (Fig. 7a) contains the highest ground
acceleration registered to date, 1.25g. Several investigators [29,30] have
indicated that the irregular surface topography in the vicinity of the
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FIG. 7 SAN FERNANDO EARTHQUAKE NEAR-FAULT GROUND MOTION RECORDS [22]

accelerometer significantly affected the frequency content of the record,
especially for frequencies greater than 1 Hz. A series of analyses of the
dam and its adjacent geological structure led to a derivation of the ground
motion at sites below the base of the dam (Fig. Tb) [30]. Since the objectiv~

of the analysis was to remove the effects of local surface topography and
interaction of the dam with its foundation from the original record, the
derived record is probably more representative of ground motions at other
nearby sites than the actual PD accelerogram. It should be noted, however,
that the derived record was based on an erroneous orientation initially
reported for the PD record, i.e., the S-15°-W component was originally
identified as s-16°-E [29].

Examination of the derived Pacoima Dam (DPD) record (Fig, 7b) indicates
that the high peak accelerations registered in the PD record after 6 sec.
may not be characteristic of ground motions experienced at other nearby sites.
Both the actual and derived records, however, exhibit three severe accelera
tion pulses, each of about 2/3 sec. duration, between 2 and 4 sec. These
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unusual acceleration pulses resulted in very large ground velocities (Fig. 7)
and incremental ground velocities [PD, 1.57 m/sec. (61.9 in./sec.); DPD, 1.39
m/sec. (54.6 in./sec.)]. They were also responsible for the unusually large
linear-elastic response spectrum values for periods longer than 0.8 sec. (Fig.
8).

Characteristics of near-fault
records--It may be possible to determine
the characteristics of long-duration
acceleration pulses by examining records
of near-fault ground motions. Similar
ground motion characteristics have been
reported for several other earthquakes
at sites on firm ground close to the
fault zone [25]. Analytical studies
based on simple two- and three-dimensional
fault dislocation models [29,32] have
verified that the near-fault ground
motions of the San Fernando earthquake
were characterized by large ground
velocity pulses of the type exhibited
by the records in Fig. 8. These pulses
are directly related to the faulting
process and are not a result of local
geological conditions. Studies of stick
slip faulting [33-35] have also indicated
that such wave forms are not unique to
thrust faulting (Fig. 9). Such studies
have led Boore and Zoback [30] to con
clude that peak particle velocity may
be a better basis for establishing design
earthquakes than peak acceleration, and
that the initial portions of the PD
records containing the large velocity
pulse may be appropriate for seismic
resistant design of structures located
close to potential faults.

LINEAR-ELASTIC RESPONSE
SPECTRA [9]
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Van Norman Dam records--The ground motion necessary to produce the seis
moscope trace obtained at the abutment of the lower VND [located near the fault
zone, about 10 kID (6 mi.) from PD] has been estimated [31]. The north component
of this record is shown in Fig. 7c. Although many of the characteristics of
this ground motion differ from those of the PD records, as would be expected,
the ground motion exhibited a series of severe, long acceleration pulses that

led to large ground velocity increments
[1.72 m/sec. (67.6 in./sec. )]. These
long-duration acceleration pulses become
more evident when frequencies above 5
Hz are filtered from the VND record,
shown in Fig. 7d.

FIG. 9 COMPARISON OF THEORETICAL
GROUND VELOCITY FOR STICK-SLIP
FAULTING WITH PD RECORD [3]

Little empiricaJ. data are currently
available relating the }leak ground
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acceleration and velocity for epicentral distances less than 15 km (9.3 mil.
Theoretical limits [36,37] of the peak near-fault particle velocity have been
placed in the range of 1.0 - 1.5 m/sec. (40-59 in./sec.). Newmark and Hall
[6] have also indicated that it is unlikely for the maximum ground velocity
to exceed 1.2 - 1.5 m/sec. (48-60 in./sec). No estimates have yet been made
for the maximum incremental velocities or the associated peak accelerations.
Another important factor to be determined is the minimum acceptable rise time
for each of these severe, long-duration .accelerations.

Romanian Earthquake of 4 March 1977 [38]

A trace of a copy of a record obtained from a strong motion instrument
(SMAC~B 1967) installed at the Romanian Building Research in Pantelimon, in
the northeast sector of Bucharest, is shown in Fig. 10. The site where this
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FIG. 10 STRONG-MOTION ACCELEROGRAM RECORDED
IN BUCHAREST, N-S COMPONENT [38]

record was obtained was located about 165 km (103.1 mil from the epicenter
with a 200 km (125 mil slant distance from the focus. The focus (hypocenter)
was estimated at a depth of 110 km (68.8 mil, and the earthquake had magni
tudes of mb = 6.8 and Ms = 7.2. Analysis of the trace of Fig. 10 indicated
several interesting features of the ground motion in the N-S direction: (1)
an unexpected pulse-like motion (acceleration); (2) the severe pulse occurred
about 20 sec. after the instrument was triggered (triggering level is O.Olg
vertical acceleration), which, according to Bolt [38], suggests that the pulse
was the S wave from the source; (3) the pulse, of a shape resembling a sine
wave, had a peak acceleration of 0.20g and a period of about 1.7 sec., i.e.,
each half-wave had a duration of about 0.85 sec.

According to this preliminary data the unexpected pulses had an incremen
tal ground velocity on the order of 120 em/sec. (47 in./sec.) which is very
high for a site located at a distance about 200 km (125 mil from the focus.
If the reliability of the above Bucharest record can be established, it will
be of great seismological and engineering importance because it will offer
proof that severe, relatively long-duration acceleration pulses can also occur
at great distances from faults. Thus the establishment of design earthquakes
in the form of smoothed response spectra (elastic and inelastic) based on res
ponse ground spectra derived from the dynamic characteristics of "standard"
earthquake records (such as El Centro, Taft, etc.) would be questionable, not
only for structures located near faults, but also for those located at large
distances from the fault.



STUDIES CARRIED OUT TO EVALUATE THE RELIABILITY OF IDRS
DERIVED FROM PROPOSED LEDRS

Analytical Studies of Olive View Earthquake Damage

Evidence of the effects of severe, long-duration acceleration pulses con
tained in actually recorded and analytically derived earthquake motions was
obtained from the analytical studies of the damage induced in the newly con
structed buildings of the Olive View Medical Center. These buildings suffered
extensive damage during the San Fernando earthquake, despite seismic resistance
coefficients far in excess of then existing code requirements [39]. For example,
the six-story main building had story seismic resistance coefficients exceeding
0.3; the permanent drifts [greater than 0.76 m (30 in.)] and the associated
damage suffered by this reinforced concrete building were so large that it had
to be demolished.

An extensive field, laboratory, and analytical investigation has been
conducted to identify' the factors that controlled the behavior of the main
building [40]. Although some of the local damage to the buildings was ,found
to be the result of the inadequate structural system, poor member detailing
and deficient construction workmanship, analyses of the building indicated that
the overall damage pattern and the large residual displacements observed were
primarily a consequence of severe, long-duration acceleration pulses like those
experienced at the Pacoima and Van Norman Dams.

The analytical results obtained in the study presented in Ref. 40 indicate
that the response of yielding structures is very sensitive to severe, long
duration acceleration pulses such as those present in the near-fault records
of the San Fernando earthquake. Thus the following additional studies were
conducted.

Nonlinear Dynamic Analysis of Single and Multi-Degree-of-Freedom-Systems

Several nonlinear dynamic analyses of (SDOF and MDOF systems) were performed
to assess the reliability of present methods of constructing IDRS from LEDRS
for near-fault sites in view of possible severe, long acceleration pulses.
These results are compared with those for the N-S component of the 1940 El
Centro earthquake, which is often considered representative of standard strong
motion records.

SDOF systems--The basic equilibrium equation controlling the motion of
a viscously damped, SDOF system subjected to a ground acceleration time-history,
ug , is given by:

Mu + 2Mw~~ + R

in which M is the mass of the system; ~ is its viscous damping ratio; w is the
system's natural circular frequency; R is the force resisted by the system;
and uand uare the system acceleration and velocity, respectively, at any
time.

To obtain useful design charts for nonlinear structures, it is desirable
to rewrite eq. 1 in a nondimensional form which accounts for yielding. By
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noting that K =w2M and Rv = KUy, by introducing variable transformations
~ = u/Uy and p = R/Ry, and by ex~ressing the grsund acceleration as a.fraction
of the peak ground acceleration In the record, ugmax ' eq. 1 can be wrltten as:

(2)

In the above equation, the value of n is the ratio of the seismic resis
tance coefficient to the peak ground acceleration expressed as a fraction of
gravity:

n

in which g is the acceleration of gravity, and Cy is the system's seismic
resistance coefficient, i.e. the yield resistance, Ry , divided by weight of
the system, M"g. The nondimensional hysteretic response of a nonlinear system
(~ and p) to a particular nondimensionalized ground motion [iig/ugmax], can
thus be evaluated in terms of n and the parameters wand !; needed for an elas
tic system. From this evaluation, it is possible to construct charts in which
the required displacement ductility, ~, of an SDOF syst~m to a given ground
motion can be plotted as a function of'!;, T and n.

Several elasto-perfectly plastic SDOF systems, with 5% damping and with
periods ranging from 0.1 to 2.0 sec., were subjected to the DPD, the original
and filtered VND, and the El Centro records. For each period, the response
was computed for various values of the parameter n. Semilogarithmic plots
of the absolute value of the maximum displacements divided by the system's
yield displacement (displacement ductility factors) are shown in Fig. 11.
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using such plots for a given ground motion record, ~ can be determined if T,
1;, Cy, and Ug are known. Alternatively, the value of Cy required to obtain
a desired val~~of ~ can be calculated if T and I; of the system and Ugmax of
the given ground motion are known. For the ground motions considered, ductil
ity demands generally increased with decreasing values of n and period. For
any given value of n, the ductility demands for both the DPD and VND records
were generally much greater than for the El Centro record, except when n
approached unity in the short period range.

It is evident from Fig. 11 that if the ductility demands are to be kept
at acceptable levels, n must be nearly unity in the short period range for any
of these ground motions and that it must be maintained close to this value
at much longer periods for the DPD and VND records than for the El Centro
record. Required ductilities increase rapidly as n becomes smaller than unity,
especially for the DPD and VND records. For the level of Cy currently re
quired by building codes, very large ductility factors will result if ground
motions like those considered in Fig. 11 with peak ground accelerations
greater than 0.3g occur, especially for short period buildings. Furthermore,
if IDRS based on effective ground accelerations smaller than the expected
effective peak values or on ground velocities obtained assuming standard ground
spectrum shapes [13] are used for structures near active faults, undesirably
large ductilities could result. For example, the actual ductility require
ments for elasto~perfectlyplastic SDOF systems with 5% viscous damping
designed according to the IDRS in Reference 6 for a desired ~ = 4 are shown
in Fig. 12a for the El Centro and DPD records. While the displacement
ductilities required for the El Centro record are generally smaller than those
predicted by the IDRS, ductilities required by the DPD record exceeded the
specified value by factors as great as 2.2 for periods longer than 0.4 sec.
IDRS based on ~ > 4 are even less reliable for near-fault motions.

Derivation of IDRS directly from LEDRS erroneously assumes that increas
ing damping is as beneficial to the response of inelastic systems as it is to
elastic systems. It has been found that the spectral amplification factors
used to construct LEDRS [6] may significantly overestimate the .effect of
damping on inelastic response [9], resulting in lower design forces than
actually required to achieve a giyen ~. The typical effect of this is
illustrated by Fig. 12b which shows that ductility requirements for elasto
perfectly plastic SDOF systems designed using suggested IDRS [6] for a ~ = 4
increase with increasing values of the viscous damping ratio, 1;.
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FIG. 12 COMPARISON OF SPECIFIED AND REQUIRED DUCTILITIES [21]
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MDOF systems--A three-bay, ten-story frame was designed according to a
five-step computer-aided procedure [41], which tries to aChieve an economical
and practical minimum weight design that is serviceable, and safe from collapse
during a severe earthquake. Design forces for the safety design were obtained
from an IDRS for a peak acceleration of 0.5g, a displacement ductility factor
of 4 and a damping ratio of 5%.

The designed frame had a Cy value of 0.18, and a first mode period of
1.67 sec. At this period, the pseudo-velocity used in its design was 0.38
m/sec. (14.8 in./sec.l, 31% higher than the value of 0.29 m/sec. (11.4 in./sec.l
corresponding to current IDRS recommendations [6].

Elastic and inelastic models of the frame were subjected to the normalized
El Centro, DPD and filtered VND accelerograms with 0.5g peak accelerations.
The results of the roof and first floor displacement obtained for these models,
~s well as the corresponding input accelerograms, may be seen in Fig. 6. In
elastic response to the DPD and filtered VND motions resulted in displacements
considerably larger than those to El Centro; as much as 1.9 times larger at
the roof, and 2.4 times larger at the first floor. Permanent deformations in
the frame were substantially larger.

Although the elastic and inelastic responses to El Centro were generally
similar, no such similarity was observed for the DPD and filtered VND records.
The dissimilarity in the responses is more striking for the DPD record, where
the large acceleration pulses occurred early in the input accelerogram.

The response of this frame shows that elastic response cannot be reliably
used to predict peak inelastic response. The elastic results overestimated
the peak inelastic roof displacements by more than 25% and underestimated the
peak inelastic first story displacement by more than 40% for the DPD and VND
records. Furthermore, the type of inelastic response history expected from
ground motions with long acceleration pulses is characterized by a few large
displacement excursions rather than numerous, intense oscillations as observed
in the elastic analyses. Thus interpretation of possible inelactic behavior
from elastic response analysis alone could lead to an erroneous conclusion
that low-cycle fatigue could be a problem for this frame.

With respect to the results obtained for SDOF systems, it should be noted
that for a system with a period of 1.67 sec., the Cy value of 0.18 (closer to
the upper bound for all 3 records l, the displacement and ductility requirements
were unacceptably large. Such differences between the SDOF systems and the
example frame are to be expected since analyses of SDOF systems neglect the
effects of gravity loads, geometric nonlinearities, etc. ~Qrthermore, the
lateral load-deflection relationship for multistory frames is not generally
elastic, perfectly plastic. Extrapolation of results from SDOF to MDOF systems
should be done with great caution [18].

Very similar results confirming the above conclusions have been obtained
in the analysis of a reinforced concrete, ten-story; three~bay frame, whose
optimum design is discussed in a paper by Zagajeski and Bertero [42].



RESEARCH NEEDS IN ESTABLISHING DESIGN EARTHQUAKES

In concept the design earthquake should be that ground motion which drives
the structure to its critical response. It has been shown, however, that
application of this simple concept in practice met with serious difficulties.
Because even for a given site and a specific structural system the design cri
tical response will vary according to the different limit states controlling
design, at least the following states should be considered: serviceability,
damageability, and collapse. The main observations derived from the dis
cussion presented herein and research needs for establishing the design earth
quakes for each of these states follow.

General Observations

The following are applicable for design earthquakes based on any of
the governing limit states.

1. Strong-motion instrumentation capable of recording all 6 compo
nents, particularly at near-fault sites, should be installed. Only the
continued accumulation of statistical evidence can lead to improved estimates
of the severity of ground motions at the foundation of a building.

2. The effect of each of the 6 components, acting independently, as well
as simultaneously, on the elastic and inelastic response of buildings with
different structural systems must be analyzed. At present little guidance
is available regarding specification of the simultaneous input motions. This
is true even in the simplest case where only the two horizontal, translational
components are considered.

Design Earthquakes for Serviceability Limit States

1. Linear-elastic design response spectra offer relatively simple and
reliable methods for specifying design earthquakes governed by serviceability
requirements.

2. The use of "standard" LEDRS should be done with care. At near-fault
sites, ground ppectrum shapes based on strong-motion recqrds obtained at
moderate source distances may significantly underestimate the peak ground
velocity and displacements. Realistic spectral shapes based on analyses of
available near-fault records, or from theoretical predictions accounting for
the faulting process and the non~inear mechanical characteristics of a build
ing's foundation media, should be used. The record obtained in Bucharest
during the Romanian earthquake indicates that even at sites located some
distance from the earthquake source, the use of ground response spectra based
on values obtained from analysis of only standard ground motions can lead to
unconservative LEDRS.

3. The effect of equivalent linear viscous damping, ~, on spectral
amplification factors requires further stUdy, particularly in cases involving
pulse-like ground motions.

Design Earthquakes for Ultimate States: Damageability and Collapse

1. One of the most pressing problems in establishing design earthquakes
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for ultimate states concerns whether damage or collapse of nonstructural and/
or structural elements is used as the criterion for acceptable deformations
and, in each case, to determine the type of deformation inducing the event.
This is a problem directly related to the assessment of earthquake risk and
associated costs and requires further study.

2. Present code procedures are inadequate for specifying design earth
quakes based on ultimate states.

3. Use of IDRS permits the designer to have control over the response
parameters which cause damage &,d collapse; however, the use of IDRS derived
from recommended LEDRS through displacement ductility factors suggested by
present methods, appears to be unconservative for buildings located in the
immediate area of causative faults or in general at sites where ground
motions containing severe, long acceleration pulses can occur.

4. The effect of equivalent linear viscous damping, ~, on the response
of elastic and inelastic systems should be thoroughly investigated. It has
been found that the spectral amplification factors used to construct LEDRS
may significantly overestimate the effect of ~ on inelastic response to
pulse-like ground motions. Even in the case of elastic response the pre
sently suggested amplification factors overestimate the effect of ~.

5. Inelastic response cannot be inferred directly from elastic response,
since the ground motion characteristics which govern maximum elastic and
inelastic responses are generally different. Thus, methods that obtain IDRS
directly by modifying LEDRS may not be reliable.

6. Derivation of rational and reliable IDRS requires full characteri
zation of the expected severe ground motions at the site. This requires
estimation of the duration of strong ground shaking and the number, sequence,
and characteristics of intense, relatively long acceleration pulses.
The LEDRS and the derived IDRS do not account for the duration of strong
motions during major earthquakes. Information in this area is needed to
determine the maximum inelastic deformation excursion, as well as the maximum
number of reversals of inelastic deformations, for the structure's critical
regions. Such data are essential for the proportioning and detailing of these
regions. Although information has recently become available on the duration
of strong shaking for certain areas [43], data for most seismic regions of
the U. S. remain scarce.

7. Unusually large ground velocities may be developed, partiCUlarly at
near-fault sites. Methods for constructing IDRS (as well as LEDRS) should
reflect the larger values recorded at such sites.

8. Research is needed to establish bounds on the different parameters
that define the dynamic characteristics of severe long pulses, i.e. the
largest incremental velocity and the associated effective acceleration that
can be developed according to the dynamic mechanical characteristics of the
soil present at a site. These values will enable the design engineer to
determine an upper bound on the energy that can be transmitted to the founda
tion of the structure so that the structure can be designed accordingly. The



need for improving knowledge of the dynamic soil characteristics cannot be
overemphasized. Unfortunately, the trend among soil mechanics researchers
appears to be toward application of analytical tools to predict dynamic
response of soils, rather than investigati0n of soil properties.

9. For any given building site it is necessary to know the number of
long, severe pulses that can occur during an earthquake since repeated pulses
can lead to incremental (crawling) collapse of the building.

10. Because of the inherent sensitivity of the response of a structural
system to the details of the ground motion input, analysis of the reliability
of any design should be performed. using several time-history ground motions
whose dynamic characteristics cover all possible motions that could be expected
at the building site.

11. At present it is common to evaluate the reliability of a seismic
resistant design by analyzing the designed structure under one or more ground
motions obtained by normalizing recorded earthquake accelerograms to some maximum
selected value of the peak acceleration. Unfortunately, these ground motions
are often the result of earthquakes with different magnitudes, recorded at
sites located at different distances from the earthquake source, and having
different soil conditions. Indiscriminate use of such a technique, when
significant inelastic behavior is expected under severe ground motions, can
lead to highly misleading results. For example, accelerograms obtained on
soft soil at sites distant from the earthquake source usually contain very
long pulses. If these accelerograms are normalized to a large peak accelera
tion, these pulses may become unrealistically severe, as shown in Fig. 13
where the E-W component of the accelerogram recorded at the ground level of
the Orion Avenue Holiday Inn during the San Fernando earthquake i p normalized
toO.5g. The record was obtained at about 21 km (13 mi.) south of the epi
center of the earthquake, and the geological source data indicate that the
site lay on recent alluvium [44].
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sec.

13. Although structures can be detailed
to accommodate the large ductilities that
might result at near-fault sites if they
are designed using current codes or IDRS
forces, this may be undesirable except for
short period structures. The danger of
underestimating design 'forces at near-fault
sites was illustrated by the performance of
the main bUilding of the Olive View Hospital
during the 1971 San Fernando earthquake.

....
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FIG. 14 SEISMIC RESISTANCE
COEFFICIENT, Cy, FOR 0.5g
PEAK ACCELERATION GROUND
MOTION, ~ = 5% AND ~ = 4 [9J 14. Obtaining all the information

considered necessary for the establishment
of reliable design earthquakes under ultimate states will entail extensive
investigation and research. Until this is done, the following procedure may
be implemented:
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12. The presence of severe, relatively long acceleration pulses,
particularly in near-field records, substantially increases the spectral
velocity and, more importantly, the required seismic resistance coefficient,
Cy , of buildings, particularly those with relatively long periods. To
illustrate this, the values of Cy needed to limit ductility to 4 for the
El Centro, DPD, and VND records (normalized to 0.5g peak accelerations) are
compared in Fig. 14 with current IDRS and code values. Unless the values of

~ and ~ usually assumed in design can be
substantially increased, structures located
at near-fault sites must be designed for
much higher forces than currently specified
in codes. Although IDRS require sufficiently
high Cy values in the short period range,
these values are underestimated for near
fault records at periods greater than 0.5

For the case of SDOF systems, charts similar to those presented in Fig.
11 shOuld be prepared. These charts should consider the different hysteretic
models (at least the bounds of possible stiffness degradation and strain
hardening) and all earthquake ground motions previously recorded at sites
near faults as well as those which can be obtained from theoretical considera
tion of fault mechanisms. Once sufficient records are available, statistical
analysis of the results obtained should be conducted in order to formulate
inelastic design earthquakes in the form of IDRS (Cy vs. T, as illustrated in
Fig. 14). This will require the establishment of acceptable ductility factors.

Since ultimate limit state design criteria are not only controlled by
the energy dissipation capacity of the structural system, but also by damage
ability, i.e. by the deformations that can be tolerated due to economic,
safety, or stability considerations, selection of displacement ductility based
solely on the former may be insufficient to establish design earthquakes.
Current methods usually recommend the use of a constant ductility. The
selection of a design ductility factor without considering structural period
or earthquake type (magnitude, source distance, duration, etc.) is unaccept
able. Even for a specific structural system, however, the amount of



acceptable ductility will vary depending on whether nonstructural or struc
tural damage controls the design. If design is controlled by nonstructural
damage, the allowable ductility will decrease with increases in the flex
ibility (period) of the selected structure. Since present methods do not
distinguish between the types of damage controlling a design, the first step
in formulating inelastic design earth~uakesas an IDRS should be to seek
more reliable methods for establishing values of acceptable ductility.

Comprehensive studies to determine more rational methods for establish
ing acceptable ductilities, particularly for flexible structures, are needed.
Investigations are also needed regarding the economic impact of designing
structures for either seismic resistance coefficients or design ductility
ratios higher than those presently assumed.

In searching for more rational values of ductilities or seismic resistance
coefficients, it is necessary to examine the uncertainties involved in
selecting the values of all the parameters pertinent to the design process.
To do this, the interrelationship of these parameters must be considered;
isolated studies of each parameter are insufficient. For example, in
designing for strength both sides of the basic design e~uation should be
considered. On one side, there are the computed internal forces as determined
from the critical design excitations; on the other, there is the "strength of
the structural elements. Present methods of designing sections, regions,
and whole structural members include the use of several factors which usually
lead to significant overstrength [42]. Thus, by taking a conservative
approach, looking at each side of the design strength e~uation independently,
one may arrive at an unreasonable and unconomical overconservatism.

The charts derived for SDOF systems may be used only as design guidelines
in the case of MDOF systems. The response of different MDOF systems to severe
ground motions such as those reSUlting from the San Fernando earth~uake should
be extensively investigated to determine ways in which IDRS obtained for SDOF
systems can be modified for MDOF systems, or to formulate new procedures for
establishing design earth~uakes for the inelastic design of the latter.
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I. INTRODUCTION

In a recent survey by the EERI Committee on Research Needs, the member
ship of this prestigious organization felt that the research need in the gen
eral area of seismic risk was of utmost importance. It is a well-known fact
that the level of seismic safety that a community (or a society) requires
depends on the acceptable level of risk for that community and the correspond
ing costs in achieving that level of risk. Thus, before a rational and accept
able building regulation or' code can be developed, a proper understanding of
the uncertainties associated with the seismic phenomenon and its consequences
should be evaluated. There have been various attempts to "solve" this problem
of seismic hazard, seismic risk, and the concept of acceptaple risk. The au
thors of this proposal will not attempt to go into the specifics of various
reports and papers written in this general area. A list of such references
is given at the end of this paper. However, the general problem and the ap
proach taken by various researchers will be outlined here.

Expected hazard and expected risk have an implication of future uncertainty.
Hence, it is not surprising that principles of probabilistic forecasting and
decision-making are used by various researchers and risk analysts in evaluating
seismic risk for a given region or site.

Consider the Uniform Building Code seismic zone map (Fig. 1). Note that
the title of the map indicates "Seismic Risk Map of the United States." This
map indicates, to some scale, the future seismic hazard in different parts of
the country. It cannot and does not take into account any consequences due to
future seismic events. Also, this map does not take into account the frequency
of occurrence of earthquakes. In spite of these shortcomings, many engineers
perceive or evaluate seismic "risk" through these maps.

Another widely used concept of seismic risk evaluation is that of "maximum
credible event" or "maximum probable event." This perception or definition of
seismic risk is generally used by geologists and seismologists. This concept
has great value for truly unique and important structures such as nuclear reac
tors and dams. However, for most structures, this concept has certain short
comings. First, it does not give information regarding the probable level of
"loadings" during the economic life of the structure. Second, it has no fre
quency of occurrence information in it. Third, it is overly conservative to
design structures to either "maximum credible" or "maximum probable" events
which were based on geological information for geological time spans, though
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the economic life of the structure might be only 50 to 200 years. Also, the
consequences of failure of many structures are not severe enough to warrant
a level of design (with unreasonably small risk) at the maximum credible
levels. An example of this type of risk map is shown in Fig. 2. This map
was developed by Roger Greensfelder of the California Division of Mines and
Geology.

In recent years, a considerable amount of work is done in the area of
probabilistic estimation of seismic load parameters. In particular, proba
bilistic forecasting in terms of iso-acceleration or iso-intensity maps has
been developed by many researchers. Figs. 3 and 5 are two typical examples.
The analytical model in developing such maps is based on the following param
eters and assumptions (see Fig. 3).

1. Point, line, or area seismic sources are identified, based on past
seismic and geological data.

2. For each potential source, a recurrence relationship is developed.
This could be linear, bilinear, or nonlinear. Various such rela
tionships are suggested in the literature.

3. Forecasting of future events is made by using either a Poisson or
Markov model, the most commonly used model being Poisson.

4. A suitable attenuation relationship linking the intensity or peak
acceleration or any other peak value parameter with magnitude and
distance is used to obtain the probable "loading" at a site. This
has been a very "weak link" in the overall formulation, because the
scatter of the peak parameters is too great to give statistically
reliable estimates. More will be said about this aspect in the next
section.

The "risk ,maps" developed in the above fashion have the following informa
tional content in them.

• They include all the seismological data available for all the poten
tial seismic sources.

• Such maps take into account the frequency of occurrence of various
levels of seismic events.

• The probabilistic representation of the "loading" parameter gives the
designer some idea about the risk he is taking in designing a struc
ture for a specific "load" level.

• The probable loading during the economic life of the facility can be
explicitly represented.

In spite of the above advantages, researchers and designers have realized some
of the shortcomings of such maps, which are supposed to give a clear perception
of seismic risk. The following are some of the shortcomings of these risk maps.
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• Most of these maps are usually based on historical data. This data
base is extremely short for a reliable future projection. Many geol
ogists have justifiably shown their apprehension in using these maps.
Such a problem can be partially solved by using Bayesian statistical
concepts, where historical data and any available geological informa
tion can be combined to obtain posterior information about a source
and the resulting seismicity of a region or site. Various researchers
have used this technique in recent years. The problem here is to
implement some of these research results for practical use.

• Another major problem with these maps is the selection of a "loading"
parameter. The most commonly used parameter for mapping is the peak
acceleration, velocity, or displacement. As most of the researchers
working in this field of research know, the peak parameters are not
the best parameters to represent the "damage potential" of a given
earthquake. Secondly, the peak parameters, being extremes, have a
very large scatter, resulting in very unreliable estimates and projec
tions. They may give an indication of relative seismic risk, but their
mapping (use) for design purposes has led to the perennial arguments
between engineers on one side and geologists and seismologists on the
other. Recently, many engineers have suggested that "risk maps" which
take into account the duration as well as energy content of input and
response would be better for representing the "punch" of an earchquake.
This better estimation could result in designs which would be consis
tent with actual risk, rather than perceived or statistical risk.
Again, more will be said about this in the next section.

• The third shortcoming of these maps is that the attenuation relation
ship for peak parameters is extremely poor in a statistical sense. A
better parameter would be root mean square (RMS) parameter, this being
a statistical average, in a sense, with lower scatter and hence lower
uncertainty.

There are various other minor objections to using these maps, but the basic
problems are outlined above.

In continuing the discussion of how the seismic risk should be represented,
according to the current state of the art, one should direct one's attention to
representation of response spectra. There is one school of thought which thinks
that a detailed micro-analysis of a site, together with the information on peak
input parameter, would give a site-dependent "design" response spectrum. There
is another school of thought which looks at all the past available spectral
shapes (see Fig. 4). These available spectra are then classified according to
site conditions and distance from the source, and a statistical summary of the
shape is obtained. An appropriate design spectrum is then selected by multiply
ing the mean plus KG spectral shape by the appropriate peak ground accelera
tion. This method, when used with proper and appropriate data, does provide a
rational design spectrum with the desired level of uncertainty and risk. How
ever, there are quite a few problems associated with this method of generating
probabilistic spectra. First, the method of normalizing the response spectra
and then looking at the statistics of the normalized shapes is not very good.
This approach forces the response spectra to have zero uncertainty at zero per
iod and then to "wag" the whole spectral shape above this zero period unit
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ordinate to obtain uncertainties at various other periods. Second, avail
ability of appropriate and sufficient data is subject to doubts. Third, there
is always the bias in the available data due to the predominance of only cer
tain earthquakes. For example, the San Fernando earchquake data always bias
the statistics towards the San Fernando type of earthquake experience. Con
sider, for example, the spectral ordinate Sa' If 0 ne wishes to determine
the probabilistic information P[S], then the conditional probability re-
lation gives a

353

(1)

where M. is an individual event. Summing over all events on all sources
within a1given area,

P[Sa] ~ P[Sa/Mi] P[Mi ] (Z)
all M.

Thus, most of the statistical spectra lavailable in the literature are actually
P[Sa/Mi] since Mi (such as the San Fernando) biases the S. What one actu
ally needs is P[Sa] given by Equation (Z) above. Equation (Z) represents a
distinct improvement over current procedures for derivation of probabilistic
spectra: the conditional probabilities of spectral shape are derived given the
occurrence of an individual event Mi and the marginal probabilities of spec
tral shape are explicitly obtained based on the probability of occurrence over
the active range of events. It presents a possible bias generated by a fixed
sample or arbitrarily chosen records. The fourth disadvantages is that there
is no guarantee that the total spectral shape has the same probability of ex
ceedence. Thus, it cannot be shown that, for a 95% nonexceedence spectrum, the
probability of exceeding Sa at T = Tl is the same as the probability of
exceeding Sa at T = TZ and that both these values have only a 5% chance of
exceedence.

A recent approach in risk analysis to obtain a probabilistic spectrum is
by using attenuation relationships (obtained through regression analysis) for
various spectral ordinates at various periods, and using them directly to ob
tain the mean and the variance of the spectrum (see Figure 5). This method
eliminates the arbitrary method of normalizing the available spectrum. However,
the method in which the probabilistic spectrum is obtained (using regression
analysis - based on sufficient data) can be improved ·substantially.

The final "chapter" in describing the methodology of risk analysis in the
current state of knowledge is to "map" the probabilistic peak ground-motion
parameters and probabilistic spectra into a rational design level which would
give desired safety at an acceptable cost. This part of the story is very dif
ficult to sort out in the literature, and currently no "universally" accepted
simple procedure or formulation exists which can give a design level for an
acceptable level of risk.

The above process, as currently perceived by engineers and risk analysis,
constitutes the so-called "seismic risk analysis procedure." There are some
variations to this theme, but the general ideas are described above. Having
explained all that, the question arises, "Where do we go from here?" Do we
need more research to add more reports to already-existing (and mostly not
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practically applied) volumes of reports? Do we need some synthesis of what
is available in a simple and practical manner so that a practical "risk analy
sis" based design methodology can be developed? In the opinion of the authors
of this proposal, both tasks are important and necessary. The next section
will describe the scope and the direction of the proposed research.

II. RESEARCH NEEDS

The authors are very familiar with the current procedures listed above
and have applied them to various regions of the world, including California,
Nicaragua, Costa Rica, Guatemala, and Algeria. Most of·these available pro
cedures concentrate on defining seismic risk in terms of peak parameters such
as peak ground acceleration, velocity and displacement in time domain, and
peak spectral response (acceleration, velocity, or displacement) in the fre
quency domain. It has been felt by engineers and researchers that these peak
values do not represent the best indication of the damage potential of an earth
quake and also do not lend themselves to a convenient statistical treatment.
From past experience of the authors of this paper, it is felt that a better
and more stable procedure is needed to refine the accuracy of the results and
to provide a better methodology to the user. Of particular importance is the
need for providing the user with "equal risk" spectra, i.e., spectra having
the same probability of nonexceedence for all period ranges of interest and
providing "risk" maps showing the distribution of duration with a selected
probability of nonexceedence. Thus, in the total risk-analysis methodology,
supplemental procedures which offer the following desirable modifications are
the most useful:

1. A better approach for estimating the duration of expected ground motion
(input) and a better definition of response duration.

2. A more stable parameter to represent the input ground motion amplitude
such as RMS value (e.g., RMS acceleration).

3. A more stable statistical parameter to represent the frequency content
(e.g., RMS of the response of a single degree of freedom system for
a given damping).

4. Better statistical models that take into account specific geologic and
seismologic conditions in the area, such as seismic moments, surface
waves, and significant distance.

5. A consistent probabilistic approach at each level of the methodology.
Whenever necessary, use of Bayesian statistical methodology to supple
ment insufficient data.

6. A clear understanding of tqe needs of structural designers, and the
objectives of building codes and their relationship with the probabil
istic information on the seismic environment.

The following sections describe the uncertainties and need for research
in the above-mentioned six modifications.
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A. Input and Response Duration

It is felt that this parameter is one of the most important measures of
the damage-producing capability of an earthquake. Some recent studies on in
put duration have been done by Trifunac and Brady (1975), by Dobry et al.
(1977), and by Bolt (1973). There are two definitions of duration needed.

• Duration of input strong motion.

• Duration of response of a single degree of freedom system with a
given damping and a period subjected to a given accelerogram.

If one wishes to calculate the energy or the RMS of the input accelerogram,
knowledge of the input duration is essential. Similarly, if one wishes to
determine the RMS response (or energy in a response) of a single degree of
freedom system with a given damping ratio and period, the knowledge about the
response duration is required. Fig. 6 shows a typical acceleration response
due to a given accelerogram input. It can be seen that the duration is a func
tion of the period of the oscillator, damping, and the input duration. Two
definitions of input duration appear to be useful:

• Duration at a particular frequency is the elapsed time between the
first and last acceleration excursions greater than a given level
(say 0.05 or 0.02 G). Bolt calls this interval the '~racketed dura
tion." It is sometimes measured by cumulatively adding the squared
accelerations and adopting the 95 percentile time interval (Husid et
al., 1969). However, particularly for earthquakes with a complex
multiple source (Wyss and Brune, 1967), this definition often leads to
a non-physical upper estimate. Trifunac (1976) and Dobry et al. (1977)
adopt this type of approach to obtain duration of earthquake records.

• Duration at a particular frequency is the total time for which accel
eration at that frequency exceeds a given value. This interval,
called "uniform duration" by Bolt, may equal the corresponding "brack
eted duration" or be much less. Uniform duration appears to have a
greater mechanical significance with respect to actual structural
response behavior.

Working with all the above definitions of earthquake input duration, it
is the belief of the authors of this paper that further work is needed. It is
proposed that the duration (or equivalent duration) be tied in with the rate
of energy arrival as well as the level of energy. Mortgat (1977) conducted a
sensitivity study of the effects of various levels of acceleration cutoffs on
the duration. He arbitrarily decided to use .02g level of acceleration as the
cutoff acceleration. If one follows the method suggested by Trifunac & Brady
in which the equivalent duration is that time during which 5% to 95% of the
energy arrives (i.e., D95% - D5% = equiv. duration), the correlation between
that definition and Mortgai's derinition is very low. However, duration of a
strong motion cannot be defined based only on the time during which 95% of the
energy comes, but should also depend on the level of that energy. Suffice it
to say that, since input duration has a direct bearing on the parameters such
as the RMS and the energy and eventually affects the damage potential, a clear
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and simple definition is needed. Hence, the first task of a future research
program should be to look at the "input duration."

Surprisingly, no work is available in the literature defining the dura
tion of the response record. Unless a convention (or a standard procedure)
is used to define this quality, it is not possible to evaluate parameters such
as the RMS of the response, energy in the response, number of peaks in the
response, etc. Mortgat arbitrarily defined this quality as follows:

"The response duration is obtained by terminating the response
when the amplitude of response acceleration peak reaches 10% of the
highese response peak and does not exceed that value thereafter."

Naturally, more can be done to improve such a definition. Thus, the second
task of a future research program should be to investigate the definition
of response duration.

B. Stable Statistical Parameters for Amplitude and Frequency

As mentioned in the introduction, using the peak ground motion parameter
to represent the "punCh" or the "loading" or the "damage potential" of an earth
quake may not be the best. Various researchers have recommended that some other
parameter, such as the RMS or energy, be used to represent the "loading" at a
given site. The peak parameter, being an extreme, has considerable uncertainty
associated with it. Thus, if a parameter such as anRMS, which is a statistical
moment of sorts, is used, the uncertainty in the model could be reduced. Thus,
an earthquake input could be represented in the time domain by either an RMS
or an energy, instead of its peak parameter value. The frequency domain char
acteristic could be represented by the RMS acceleration (as an example) as a
function of the period of the oscillator, instead of the maximum response peak
such as a spectral acceleration (Sa)'

The selection of stable statistical parameters, is based on statistical
analysis currently under way at Stanford University on the characteristics of
97 time histories recorded around the world and their response spectra devel
oped by applying these time histories to a single degree of freedom system with
damping ratio S and natural period T. A typical case is shown in Fig. 6.
Fig. 6a shows a typical recorded time history. Figs. 6b and 6c show the response
time history relationships for damping of S = 5% and periods T = 0.5 sec
and 1.0 sec, respectively. Figs. 7a and 7a show peak and RMS acceleration
spectra for two typical cases. The RMS values were derived from the response
time curves using the equation

RMS

where hi is individual peak amplitude and n is the total number of peaks.

A comparison of peak and RMS spectra shows that in all cases RMS is a
more stable indicator of the earthquake motion. Moreover, from a probabilis
tic point of view, RMS behavior can be more easily modeled than peak behavior.
RMS is based on sufficient statistics, and the tail of the distribution, often
inaccurate, is not governing as it is in the case of peak modeling. Peak amp
litudes are often the chance result of a probabilistic transient phenomenon.
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They show great scatter even for events considered similar (same di$tance,
magnitude, and site conditions). A better and more stable parameter based
on sufficient statistics rather than extreme values provides a better defi
nition of the amplitude content of ground motion.

Furthermore, use of the peak value provides information on maximum ampli
tudes without giving any information about the other peaks, whereas parameters
such as mean or RMS filter out information about the whole input and implicitly
include information on all the peaks and their distribution.

Using response-time relationship, shown in Fig. lb, a distribution is
fitted considering the amplitude of each peak as a random variable. A Gamma
distribution fits the data very well for all earthquakes, for all damping
ratios (S varied from 5 to 20 percent) and periods (T = 0.05 sec to 5 sec).
The parameters of the distribution depend on the individual event and the per
iod. The remarkable agreement between the computed CDF and a theoretical
Gamma as well as exponential function is shown in Fig. 8. Similar statements
can also be made for input accelerogram peaks.

Assuming that the distribution of peaks (input or response) ,is exponen
tial, then the acceleration a, which could be input ground motion (T = 0)
or the response acceleration {T = Ti ) which has p percent chance of exceed
ence, can be obtained. Fig. 9 shows the exponential distribution and its prop
erties.
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The RMS value for this distribution is given by

/2
T

p

Considering the acceleration

or

which has
~Aa

e p

p% chance of being exceeded

Hence

and the ratio

From the above equation, it can be seen that the ratio Kl = ap/RMS de
pends only on p and is independent of A or the individual peaks. Thus,
for p = .05, Kl = 2.12, and for p = .10, Kl = 1.63. Fig. 10 shows the
remarkable agreement between these theoretical values and the actual values
obtained by analyzing about 97 responses. It can also be seen from Fig. 10
that the uncertainty in this value of Kl is very small. Having shown that
Kl = ap/RMS is practically a constant for all periods for all recorded earth
quakes, it was further observed that the value of 1), varies insignificantly
with damping (see Fig. 11). Since the constant behav~or of Kl is inter
preted from an analysis of 97 time histories recorded over widely different
magnitudes, distances, site conditions, and transmission path conditions, it
can be considered to be a truly stable statistical parameter. The constancy
of Kl has also been verified for the accelerograms themselves (for T = 0).

The remarkable stability of Kl and the relative stability of RMS (Figs.
7a and 7b) can be utilized for deriVing response spectra that can be considered
as "equal risk spectra", i.e., response spectra with spectral values having
the same probability of nonexceedence for all period bands (Fig. 12). The ad
vantages of such a spectrum to a designer are readily apparent when compared
with spectra such as those shown in Fig. 4, which do not represent the same
level of probability of nonexceedence for all periods.

To determine the probability of occurrence of a certain RMS value, one
can write the following equation:

where Mi is an individual seismic event. Then
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P(RMS) P(RMS/Mi ) P(Mi )
all M.

The above equation represents a distinEt improvement over current procedures
dor derivation of spectra. First, the conditional probabilities of spectral
shape are derived given the occurrence of an individual event Mi ; and,
second, the marginal probabilities of spectral shape are explicitly obtained
based on the probability of occurrence over the active range of events. It
prevents a possible bias generated by a fixed sample of arbitrarily chosen
records.

An acceleration spectrum with a given probability of exceedence can then
be obtained taking advantage of the factor K

I
•

ap Kl RMS (for all periods)

where
p probability of exceedence,
a acceleration corresponding to p,

Kl stable parameter corresponding to p.
a is not the peak value having a probability p of being exceeded, but
r~ther the acceleration in the whole response history of period Ti that will
be exceeded with a probability p.

Having observed the above behavior, the following steps are considered
essential in conducting further research.

~. Investigate on a theoretical basis to see why the parameter
Kl ap/RMS does behave in such a stable manner. Is the behavior and value
of Kl dependent on soil condition, period, type of earthquake, etc.?

~. Based on the geological, seismological, and tectonic environment,
can one postulate an RMS spectrum shape? A sub task for this work would require
RMS attenuation studies for various magnitude earthquakes.

~. With the aid of RMS response spectra and the stable parameter
Kl , how can one obtain "design spectra"? One way to look at this problem is
to select an RMS response spectrum and a probability (or risk) of exceedence p.
Then (a) = (RMS)T (Kl ) . One question that needs to be answered is, '~ich

RMS spec~rum should be cEosen -- mean RMS spectrum 'or mean + no RMS spectrum?
Next, if the chosen spectrum for RMS is the mean spectrum and the desired non
exceedence probability of the response for all periods is p, then what value
of Kl should be selected? Thus, in this task, a detailed look at combining
the probabilistic information on RMS spectra and the response spectrum is
needed.
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~.
input or the

where

A very interesting parameter to work with
response. If one defines

(RMS)Z TZ

KZ (ENGY/NBPK)

is the energy of the

RMS root mean square,
T period of the oscillator,
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E~Y

NBPK

cumulative potential energy stored in the spring of the oscil
lator,
number of zero crossings of the given time history.

Thus, K2 is a function of energy as well as RMS. From the current study at
Stanford, this parameter is also very stable for all the 97 accelerograms
studied. This step should examine this parameter K2 and see whether the
energy-related parameter can help in developing a definition of duration. It
is not possible to describe all the possible ramifications in this short paper,
but it can be said that there are various interesting possibilities to look
at in such a study.

~. Having studied the probabilistic description and the behavior of
input and response from past data, what mapping or hazard-zoning parameters
should be used? This study should involve defining mapping parameters and
associated probabilities. Mapping parameters should consist of spectral values
for selected levels of nonexceedence amplitudes, such as peak acceleration
velocity or displacement and duration for a selected level of nonexceedence.
To derive the spectral values, an RMS spectrum should be developed as an inter
mediate step.

III. CONCLUSION

This paper presents some of the uncertainties associated with seismic
ground motion. Major shortcomings of the presently used methodologies for
seismic-hazard mapping are pointed out, and improvements are proposed to mini
mize some of them.

Specific results of work presently done on RMS and attenuation relation
ship will be presented at the workshop.
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The need for ductility in the lateral force-resisting systems of
buildings, that is the capability to continue to absorb energy while
deforming inelastically without substaining excessive damage, has been
recognized by earthquake engineers for many years. Extensive research and
study have been performed by numerous academic, industrial and engineering
groups over the past two or more decades in attempts to improve analysis,
design, and construction procedures so as to obtain more earthquake
resistant buildings. A perspective of how seismic codes have developed
provisions for earthquake-resistant concrete bUildings can best be gained
from a review of the activities of the Structural Engineers Association of
California (SEAOC), the Portland Cement Association (PCA), Applied
Technology Council (ATC), and others. The problems encountered in
introducing research results into codes and implementing them in practice
are then discussed, followed by a listing of problems in ERCBC that remain
to be resolved.

1959 SEAOC BLUEBOOK

The "Recommended Lateral Force Requirements" (Bluebook) [1], published
by SEAOC in 1959, presented several new approaches to earthquake-resistant
design which tended to give bonuses for ductile designs. The bonuses were
in the form of lower seismic factors. These same provisions or variations
thereof have been included in almost all seismic codes since 1959.

The fundamental period of the building, T, was introduced into the
calculation of the seismic lateral force base shear, V, by the formula:

V = KCW

where K horizontal force factor varying from 0.67 to 1.33

371

C = 0.05
3;r

T could be determined using recognized and substantiated methods or could
be calculated by the formula:

T 0.05 H
ro

where H was the height of the main portion of the building and D was the
dimension of the bUilding in the direction of the applied forces.

Preceding.page· blank
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However, for all buildings where the lateral force-resisting system
consisted of a moment-resisting space frame (MRSF) which resisted 100
percent of the required lateral force and was not enclosed by or adjoined
by more rigid elements which would tend to prevent the frame from resisting
lateral forces, T = O.lON, where N was the total number of stories above
grade. For most buildings, this formula gives a longer period and hence
lower values of C.

It should be noted that in 1952 a Joint Committee on Lateral Forces of
the San Francisco Section, ASCE, and the Structural Engineers Associatton
of Northern California first recommended the use of bUilding period to
determine C (the coefficient C =KIT, where K equalled 0.015 for buildings
and 0.025 for other structures). The period T could be calculated or
estimated. In 1956, San Francisco adopted a variation of the Joint
Committee recommendations.

Another important provision in the 1959 Bluebook was the introduction
of the idea of varying the horizontal force factor, K, dependent on type of
structure and type of construction (see Table 1). Buildings with
moment-resisting space frames were assigned the lowest value of K equal to
0.67. Buildings with bearing wall (shear wall) box systems were assigned K
values of 1.33. Again the result is a bonus for ductile construction.

Special restrictions for tall buildings were included in Section 2312
(j):

(j) Structural Frame. Buildings more than 13 stories or one
hundred and sixty feet (160') in height shall have complete moment
resisting space frames capable of resisting not less than 25
percent of the required seismic load for the structure as a
whole. The frame shall be made of a ductile material or a ductile
combination of materials. The necessary ductility shall be
considered to be provided by a steel frame with moment resistant
connections or by other systems proven by tests and studies to
provide equivalent energy absorption.

The specific requirement that ductile moment~resisting space frames
(DMRSF) must be provided in buildings over 13 stories or 160 feet in height
was an added impetus to research on how to obtain ductility in concrete
frames. The last sentence specifically required tests and studies be made
for materials other than structural steel to prove equivalent energy
absorption.

The Commentary to the Bluebook was published in 1960 and contained
important clarifications and discussions relating to the intent of the
provisions and requirements for reinforced concrete (RC). The general
intent was spelled out:

The code does not assure protection against nonstructural damage
such as cracked plaster, broken glass, broken light fixtures,
cracked ornamentation, cracked filler walls, or overturned
equipment. Neither does it assure protection against all
structural damage. It is pointed toward confining structural



damage to minor, repairable damage that would not jeopardize the
safety of the structure.

In the discussion on details, requirements for masonry including
concrete, were given:

All masonry, including concrete, which is considered to be part
of the structural system resisting lateral forces, is required to
be reinforced. All other masonry should be kept free of the
structural system so that participating stresses are not
introduced which will contribute to the failure of these
nonstructural elements. Otherwise they too should be reinforced.
Beams and columns or piers of reinforced concrete earthquake
resisting elements should be provided with stirrups to resist the
full computed combined shear due to vertical and lateral loading,
independent of the shear resistance of the concrete.

The last sentence was implicit recognition that RC structures should be
designed so as not to fail in shear.

Prior codes, such as the 1952 UBC [2], contained a few special seismic
requirements for RC such as interconnection of pile caps or foundations on
poor soil. The interconnecting ties were required to be able to transmit
10 percent of the total vertical load on the heavier of the footings of
foundations connected. The minimum size of ties was specified together
with minimum reinforcement. Reinforced concrete slabs were permitted in
lieu of the tie members providing adequate reinforcing and connections to
the footings were provided.

PCA MANUAL - 1961

About the same time the 1959-60 SEAOC Bluebook was being prepared, the
PCA undertook development of a design manual, "Design of Multistory
Reinforced Concrete Buildings for Earthquake Motions" [3]. The manual, by
Blume, Newmark and Corning, presented information on earthquake motions,
dynamic behavior, behavior of structures, principles of earthquake
resistant design, seismic design codes and specifications, behavior of RC
members under static and dynamic loads, design recommendations to provide
the necessary ductility in RC buildings, illustrative design examples, and
recommendations for construction procedures and inspection.

Development of the manual was based on careful review and evaluation of
the work of many authors, investigators, and technical committees [4-28].
Available research results on RC together with knowledge of structural
response to earthquake motions were blended and translated into design
procedures and recommendations. Design, construction, and inspection
requirements necessary to ensure ductility in RC members were developed.
The manual became an excellent reference work and was used, together with
results of a number of research projects conducted by or for PCA on
beam-column connections and RC shear walls, by the SEAOC Seismology
Committee to develop the 1966 Revision of the SEAOC Bluebook [29].
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TABLE 1
(from 1959 SEAOC BLUEBOOK, Ref. 1)

HORIZONTAL FORCE FACTOR //KN FOR BUILDINGS

OR OTHER STRUCTURES2

Type or Arrangement of Resisting Elements

All building framing systems except as hereinafter
classified.

Buildings with a box system as defined in
Section 2312 (b).

Buildings with a complete horizontal bracing system
etpable of resisting all later.l! forces, which system in
cludes a moment resisting space frame which, when
assumed to act independently, is capable of resisting a
minimum of 25% of the total required lateral force.

Buildings with a moment resisting space frame which
when assumed to act independently of any other more
rigid elements is capable of resisting 100% of the tOtal
required lateral forces in the frame alone.

Structures other than buildings and other than
those listed in Table 23-D.

Value of
Kl

1.00

1.33

0.80

0.67

1.50

(1) The coefficients determined here are for use in the State of
California and in other areas of similar earthquake activity. Por
areas of different activity, the coefficient m;ly be modified by the
building official upon advice of seismologists and structural en
gineers specializing in aseismic design.

(2) Where wind load as set forch in Section 2307 would produce
higher stresses, this load shall be used in lieu of the loads re
sulting from earthquake forces.



The PCA manual recommended a number of significant additions to the
requirements for RC specified in ACl 318-56 [27]. The recommendations were
developed to ensure that a minimum ductility factor corresponding to ~ = 4
could be achieved without loss in strength. It was recognized that
additional ductility and energy absorption would be available beyond this
value of ~, although minor damage such as spalling might occur.

It was felt that the recommendations presented were sufficient for RC
structures to have the ductility and strength required to resist major
earthquakes. A number of important points that are basic to designing RC
frames and structures for ductility were listed:

1. Transverse or shear reinforcement should be provided to make
the strength in shear greater than the ultimate strength in
fl exure.

2. The amount of tensile reinforcement should be limited, and/or
compression reinforcement used to increase energy absorbing
capacity.

3. Critical sections of stress concentrations, such as
column-beam or column-girder connections, should be confined
by hoops or spirals so as to increase the ductility of the
columns under combined axial load and flexure.

4. Splices in reinforcement should be given special attention and
care should be taken to avoid planes of weakness that might be
caused by bending or terminating all bars at the same section.

Beams and Girders - Detailed specifications were presented for the
amount of longitudinal reinforcement in beams at connections to columns,
and minimum reinforcement both top and bottom of beams for their entire
length (needed to resist reversals in bending moments). Web reinforcement
was specified for beams and girders in frames to ensure that their capacity
was governed by flexure and not by shear. Where reinforcing could act as
compression reinforcement, stirrup-ties were required to restrain the bars
from buckling after spalling of the concrete cover.

A number of other new requirements were recommended. Because the peak
bending moments along a girder can vary both in sign and location during a
severe earthquake, cut-off points of bars were specified and the use of
straight rather than bent-up bars was recommended (see Figure 1). Bar
anchorage was specified to ensure that bars would not pullout despite
being subjected to a large range of deformatlons.

Columns - Full confinement of concrete in columns at beam-column
connections was recommended except where the maximum axial compressive
stress on gross column area expected during an earthquake would not exceed
12 percent of the concrete compressive strength. Vertical reinforcement
ratio in columns should be at least 1.0 percent with a maximum of 6
percent. Figures 2, 3, and 4 show typical transverse reinforcement
requirements. During an earthquake, columns are expected to resist large
bending moments and may be subjected to tensile stresses; therefore,
special splicing considerations are necessary (see Figure 5).
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Walls - The requirements of ACI 318-56 were followed with the added
recommendation of special reinforcing at corners and junctions (see Figure
6). Supplementary reinforcing was suggested at wall openings and
horizontal and vertical construction joints (see Figure 7). Splices in
adjacent reinforcing bars should be staggered at least 18 inches.

The recommendations presented in the PCA Manual provided a major basis
for the development of code provisions for ductile RC buildings.

1966 SEAOC BLUEBOOK [29]

The next major advance in code requirements for ERCDC was the
publication of the 1966 Revision to the SEAOC Bluebook. In the period from
1960 to 1965, the 13-story limit was deleted in 1963, but the 160-foot
height limit was retained.

Detailed specifications for RC ductile moment-resisting frames were
presented in the 1966 Revision. The details were developed from proposals
submitted by PCA [30-34] and a special study for SEAOC [35]. The
requirements were in addition to those specified in ACI 318-63.

The 1966 revisions were directed to qualifying RC moment-resisting
space frames to the necessary ductility for buildings more than 160 feet in
height. Normally it is desirable to write performance-type code
requirements; however, because complete information was not available,
detail specifications were prepared. The intent was to prevent brittle
modes of failure by ensuring that the tensile reinforcing would yield prior
to compression, shear, or anchorage failures. Based on observed
performance of structures in severe earthquakes, the specifications were
developed so that ductile behavior should occur at all levels of load and
deformation even beyond yield and for reversal of stresses.

Requirements for the use of shear walls or braced frames in
conjunction with ductile moment-resisting frames, and design, construction,
and inspection provisions were included. A distinction was made in the
definitions of Moment-Resisting Space Frames (MRSF) and Ductile Moment
Resisting Space Frames (DMRSF). A new provision was added requiring that
all buildings designed with a horizontal force factor K, of 0.67 or 0.80
shall have DMRSF. It was further specified that shear walls in buildings
where K = 0.80 shall be composed of axially-loaded bracing members of
structural steel, or RC bracing members or walls conforming with the
specified requirements. Reinforced concrete shear walls and RC braced
frames for all bUildings were also to conform to the requirements given.

Physical Requirements - A minimum concrete strength of 3,000 psi was
required. Beam and girder reinforcing was limited to ASTM A-15, A-408, or
A-432, with the A-15 or A-408 either structural or intermediate grade with
the specified yield strength not to exceed 40 ksi. For columns, the
specified yield strength for vertical steel was not to exceed 60 ksi.

Flexural Members - A minimum width-depth ratio of 0.4 with minimum
width of 10 inches or the supporting column width plus a distance equal to
three-fourths of the depth of the flexural member on each side of the
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Min. web reinforcement
as required by Eq.6.5
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FIG. 1
Typical longlludina. and web reinforcement details for girders and beams on column lines.
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(from Blume, Newmark and Corning, Ref. 30)
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a.) Supplementary reinforcement to
be provided cit wall openings.

Vertical trimmer bars to extend
full story height
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construction

~intl

For minimum
si ze of bars and
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in one or two curtains
see Table 6-2

FIG. 7 WALL OPENINGS AND CONSTRUCTION JOINTS (from
Blume, Newmark and Corning, Ref. 30)



column was established. Flexural members shall have a minimum
reinforcement ratio, for top and for bottom reinforcement, of 200/fy'
throughout their length with at least two bars provided both top ana
bottom. The reinforcing ratio p was limited to 0.025 or 0.46 fc p'/fy p
for negative moment at the column face. In addition, the positive moment
capacity at such locations was specified to be at least 50 percent of the
negative moment capacity provided. A minimum of 25 percent of the larger
negative reinforcement at either end was required full length of the beam.

No splicing of tensile rebar in areas of tension was allowed unless
the region was confined with stirrup-ties. No splices were allowed within
the column or within 2d from the face of the column.

Anchorage is a very important requirement. At exterior columns, the
beam reinforcing was required to be anchored in the confined region of the
beam-column joint. Recognition was given in calculating the length of
anchorage to the fact that bond strength in confined regions could be
increased up to 50 percent.

Web reinforcing was specified in accordance with Chapter 17, ACI 318,
except that the shear capacity should equal the vertical load shear plus
the shear resulting from the ultimate moments at the ends of the beam. The
use of inclined stirrups was prohibited unless it could be shown that the
shear stress would not reverse in direction under earthquake loading. A
maximum stirrup spacing of d/2 was given to help ensure that unexpected
shear failures did not occur within the beam. Shear reinforcement in areas
where confinement is required were specified to be stirrup-ties.
Stirrup-ties were also required wherever compression reinforcement is
needed.

Columns - A dimensional limitation on columns was stipulated to ensure
that columns generally conformed to the proportions of those tested. The
ratio of minimum to maximum thickness was set at not less than 0.4 with the
least column dimension at 12 inches.

The reinforcement ratio for tied columns was specified at one percent
minimum and six percent maximum. The six percent limit was set so as to
minimize congestion in the column, especially at the beam-column
connection.

Splicing of longitudinal reinforcing was permitted only in the center
half of the column height so as to avoid locations where inelastic hinging
could occur.

Special transverse reinforcement (STR) was specified through the joint
plus a distance equal to the maximum column dimension either side of the
joint but not less than 18 inches. STR confines the concrete and increases
the strain capacity of the concrete within the core, and also inhibits
buckling of the longitudinal reinforcing.

The required volume of STR could be satisfied by spirals per ACI 318
Section 913; or if hoops were used, the volume was set at two times the
required spiral reinforcement. It was felt that hoops had about 50 percent
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of the efficiency of spirals. Detail specifications were given as to use
of supplementary cross ties, unsupported length of hoop, overlapping of
hoops, size, and center-to-center spacing. The volume of STR required
could be reduced to one-half where flexural members frame into all four
sides of the column.

A beam-column joint analysis was required to check whether the STR
provided per the above requirements was adequate to resist the maximum
shear developed under ultimate loading conditions. The effects of beams
framing into all four sides of the column would reduce this shear
requirement. The effective length of the column for design was in
accordance with ACI 318, Sections 915(d) and 916.

Sufficient transverse reinforcement in columns subject to bending and
axial compression was required to resist the maximum ultimate column
shear. Where the design axial compressive stress was less than 12 percent
of the concrete compressive strength, the concrete was not relied upon to
resist the shear in the column.

In order to ensure the overall vertical stability of the structure
during a severe earthquake, columns at beam-column joints were required to
have a greater ultimate moment capacitY,at the design earthquake axial
load, than the ultimate moment capacity of the beams framing into the
joint. Where the design axial compressive stress is less than 12 percent
of the concrete compressive strength, the column was required to conform to
the requirements for flexural members.

The new reinforcing details required special inspection for DMRSF to
ensure that the steel and concrete were properly placed. The inspector was
required to be specially qualified and under the supervision of the
professional engineer responsible for the design. A summary of the 1966
SEAOC code requirements is presented in Table 2.

Concrete Shear Walls and Braced Frames - The 1966 Bluebook also
included provisions for the design and construction of RC shear walls and
braced frames. The basic requirements of ACI 318 were followed plus
several additional requirements. Ultimate strength design was specified
with working stress acceptable providing there was an equivalent factor of
safety. The load combination equations were the same as specified for
DMRSF; however, for buildings without a 100 percent MRSF, the design shear
stress level was reduced 50 percent. The concern was to minimize the
possibility of brittle behavior or nonductile failure of the shear walls.

The nominal ultimate shear stress in shear walls was limited based on
factors proposed by PCA [36]. For short squat walls, the shear capacity of
the wall was based on the shear capacity of the concrete. For taller shear
walls with HID greater than 2.7, the shear capacity was set essentially the
same as in ACI 318. Reinforcing was to meet the requirements of ACI 318.

Vertical boundary members were specified for buildings with K = 0.80.
The boundary elements were provided to act as flanges for the shear wall
acting as a vertical cantilever. Horizontal reinforcing was required to be
fully anchored to the vertical elements. The vertical elements were



required to be sized to resist all vertical dead and live loads plus
vertical earthquake overturning loads, and to be confined for their full
length. Similar requirements were given for wall openings.

Reinforced concrete braced frames in DMRSF buildings were required to
have STR throughout their full length in order to inhibit brittle
compressive failures. Tension members in such frames were required to meet
the requirements for compression members.

A summary of the 1966 SEAOC code provisions for shear walls and braced
frames is given in Table 3.

1967 THROUGH 1974 SEAOC, ATC, AND ACI 318-71

The 1966 SEAOC code was a major change from prior RC requirements.
Initially, considerable opposition was expressed by structural engineers,
primarily on the basis of the extensive additional design time required and
the probable extra construction cost. However, as designers worked with
the code and became familiar with its requirements and as contractors
became experienced in the many steel congestion problems, the opposition
diminished.

During the five years from 1966 to 1971, a few changes were made in
the SEAOC DMRSF and shear wall requirements (see Tables 2 and 3). The
changes in 1967 permitted some of the main beam reinforcement to be
anchored outside of columns which resist a small percentage of the
story-bent shear. Where confinement through a beam-column joint was
required, ACI 318, Section 917(a) 3 was assumed to apply.

The 1968 SEAOC revision required:

1. Reinforced concrete shear walls and braced frames for all
buildings to be in conformance to the SEAOC code

2. All structural elements below the base required to transmit
seismic lateral forces to the foundation to conform to the
SEAOC code

3. STR for full height of columns supporting shear walls or other
rigid elements

4. Equal confinement for all combinations of concrete and steel

5. STR for a column whose ultimate capacity was less than the
ultimate capacity shear of all beams framing into the column
above the level being considered

The 1970 SEAOC revision [37] applied to RC shear walls. The variation
in allowable shear stress with height to depth ratio was deleted because a
careful re-evaluation of applicable test data did not fully support the
prior provisions. The ultimate shear stress was related to the capacity
reduction factor, concrete strength and reinforcement yield strength with a
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390

maximum of 10 ¢ I~. Equal amounts of wall reinforcing were required in
each direction with a minimum ratio, p, of 0.0025 each way. Wall
reinforcement that resists shear was required to be anchored to wall
boundary elements.

The 1971 SEAOC revision [37] made a number of major revisions. All RC
space frames required to be part of the lateral force-resisting system
(LFRS) were required to be OMRSF. All framing elements not required to be
part of the LFRS were to be investigated for adequacy for vertical load
carrying capacity at four times the distortion resulting from the code
seismic forces.

The requirements for RC DMRSF were modified as follows:

1. Precast concrete was permitted providing the resulting
construction complied with the SEAOC provisions.

2. The load factor, U, was increased from (0.900+1.25£) to
(0.900+1.40£).

3. Lightweight concrete strength was limited to 4,000 psi.

4. Grade 60 reinforcing steel was permitted for beams with
limitations.

5. A specific provision was added requiring all space frame
members to be designed so they would not fail in"shear if the
frame is deformed beyond yield.

6. The excess of actual yield strength of reinforcement over the
minimum specified must be taken into account in the design of
required shear capacity of beams and columns. Ultimate shear
capacities were to be computed with the ¢ factor reduction.

7. The minimum width-depth ratio for beams was reduced to 0.3 from
0.4.

8. The formulas for computing beam longitudinal steel were
simplified.

9. The maximum stirrup spacing was reduced from 16 bar diameters
to 8 bar diameters or 24 stirrup-tie diameters.

10. The calculation of confinement reinforcing was revised and
confinement for columns 24 inches and less was reduced.

The Commentary presented sketches of the requirements for STR (see
Figure 8), stirrup-ties (see Figure 9), and anchorage of beam reinforcement
in column core (see Figure 10).

Two changes were made for shear walls: the load factor U was revised
to conform to that for OMRSF, and 2.8E was to be used in calculating U for
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shear in lieu of the prior requirement of using 2U. This change was made
to eliminate unreasonable shear requirements when E is a small part of the
total U.

The ACI 318, 1971 edition [38] recognized the need for special seismic
requirements for RC buildings in high seismic risk areas. An Appendix A
was included that generally followed the SEAOC requirements. The major
differences with the SEAOC provisions were the longer anchorage required by
ACI for flexural member reinforcing in confined regions at beam-column
joints, the larger volume of hoops required by ACI to obtain STR confine
ment, and the difference in the load factor U. ACT requires U = 1.025D +
1.27L + 1.47E, while SEAOC required U = 1.40(D+L+E).

The 1973 SEAOC revision [37] introduced a requirement for considering
the structure's dynamic characteristics when distributing lateral forces in
structures having irregular shapes or framing systems. DMRSF were required
for all RC frames at the perimeter of all bUildings except those with 100
percent shear walls. The concrete cover outside of the column core was
deleted for purposes of calculating shear capacity of the concrete, Vc'
STR was required for the full length of RC members of all braced frames.
In addition, braced frame members were required to be designed for 1.5
times the forces calculated using the code-specified lateral forces. All
of these changes were made to increase the ductility of RC structures and
to minimize the possibilities of brittle-type failures. Recent earthquake
damage experience made such changes desirable.

The 1974 SEAOC revision [37] was largely editorial and format except
for shear walls and braced frames. For K = 0.67 and 0.80 buildings, the
special ductility requirements were made to apply to all elements below the
base which are required to transmit the seismic forces to the foundation.
The load factor for calculating shear and diagonal tension in other than
K = 0.67 bUildings was changed from 2.8E to 2.0E. The Commentary was
re-organized and expanded in some areas.

The ATC-3 Draft Provisions [39] were developed with the objective of
being in a format suitable for adoption by jurisdictions in all areas of
the United States. The ATC-3 provisions embody several concepts that are
significant departures from present codes, such as:

1. More realistic ground motion intensities

2. Consideration of distant earthquake effects on long period
buildings

3. Response reduction factors which are based on consideration
of the inherent capacity for energy absorption, damping
associated with inelastic response, and observed performance
of various types of framing systems

4. Building design categories with variation of design and
analysis requirements dependent upon seismic intensity
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In addition, various methods for determining building response
coefficients (periods) were evaluated and formulas recommended, and design
material stresses approaching yield together with detailed design
requirements for various materials are presented.

The total seismic force on a building is in the form V = CW, where W
is the dead load of the building plus applicable other loads, and

C - 1.2 AS
- RT2!3

A is the appropriate acceleration coefficient, S is a site soil
coefficient (varies from 1 to 1.5), R is the response reduction factor, and
T is the structural response coefficient used to define the base shear and
is related to fundamental period of the building. The R value is
determined from Table 4 and is largely determined by the type of structural
system employed. For example, one R value is given for ductile structural
frames. The effect of construction material used is covered by specific
material design requirements. The Cd values are used in determining the
total story drift.

For purposes of seismic design, four building design categories (A
through D) are as given in Table 5. The Seismic Hazard Exposure (SHE)
Groups relate to bUilding occupancy or use, with Group I being essential
facilities, II is buildings with high density of occupancy, and III is all
others. The Seismic Hazard Index is similar to seismic zoning in present
codes.

The structural components in Category A bUildings are required to be
tied together, but no overall seismic design is required. In addition,
Category B buildings need minimum seismic design such as collector
elements, diaphragm design, design of bearing walls for seismic forces
normal to the flat surface of the wall, reinforcement of openings in shear
walls or diaphragms, and certain minimum pile foundation design
requirements.

The design details of Category C buildings generally conform to the
1973 SEAOC provisions, while the design of Category D bUildings is similar
to the State of California Administrative Code requirements for hospitals.

The ATC-3 provisions for ERCBC construction basically follow the ACI
318-71 Appendix A with additions or modifications in several areas. It is
understood that the proposed revisions of ACI Appendix A are in accord with
ATC-3. The format is arranged to specify differing requirements for
Category A, B, C, and D buildings.

In addition to the general requirements noted previously for Category
A design, anchor bolts shall be enclosed by at least two ties. Allowable
loads for anchor bolts will be given. The capacity reduction factors for
shear are reduced from those in ACI 318-71. The factor for axial
compression or axial compression combined with bending when axial stress
due to all loads exceeds O.lf~ and the axial seismic stress exceeds 0.05f~
and STR is not provided is 0.5.
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TABLE 5

BUILDING DESIGN CATEGORY

FROM ATC-3-05 REPORT, JANUARY 1977

Seismic Hazard Exposure Group
Seismic Hazard Index I II III

1 B A A

2 B B B

3 C C B

4 D C C



ERCBC buildings in Category B are required to meet many of the
requirements of Appendix A for flexural members such as limits on tensile
reinforcing, continuous reinforcing top and bottom, anchorage, and web
reinforcement. Members subjected to bending and axial load having a design
axial compressive force exceeding O. lf~ Ag shall have lateral reinforcement
continued through the joint.

Category C and D ERCBC bUildings are required to meet 1974 SEAOC DMRSF
provisions. In addition, the axial compressive force in a flexural member
is limited to O.10f~ Ag and the clear span shall not be less than four
times its effective depth. Elements containing lightweight aggregate
concrete shall have 1.25 times the STR required for normal weight
concrete. The volumetric ratio of STR shall be based on the volume of
concrete bounded by lines joining the centers of the peripheral column
bars. The yield strength of the STR shall be not less than the yield
strength of the longitudinal reinforcement.

There are several requirements for RC shear walls and braced frames in
addition to those in the 1974 SEAOC provisions. Two curtains of
reinforcement are required in shear walls when the unit shear is > 2 If[.
The allowable shear strength for lightweight concrete shear walls-is 0.75
of that for walls of normal weight concrete. Shear walls in all buildings
except those with DMRSF where the maximum combined design compressive
stresses exceed 0.2fc shall have vertical boundary elements as specified in
the 1974 SEAOC. These boundary elements may be discontinued at a level
where the calculated stress is less than 0.15f~. A similar requirement is
specified for reinforced concrete diaphragms and for openings in shear
walls and diaphragms. For braced frame members where the design stresses
exceed O.2f~, STR shall be provided full length. Construction joints in
shear walls and diaphragms shall be designed to resist the design forces at
the joint. For joints dependent on dowel action and friction on a
roughened concrete surface, the shear transfer capacity at the joint equals
the capacity reduction factor times the sum of the shear strength of the
dowels plus 0.75 times the net compressive design force. For lightweight
concrete, the shear transfer capacity is 0.75 times that for normal weight
concrete.

COUNTRIES OTHER THAN THE UNITED STATES

The design requirements for ERCBC in other countries often are not as
detailed as those in SEAOC or ACI. Brief summaries of the requirements in
several countries with seismic exposure follow.

New Zealand [40, 41] - All structures must have some ductility.
Ductile frames and coupled shear wall structures have the lowest seismic
design loads but stringent ductility design requirements. The required
design procedure is called "capacity design" in which energy dissipating
elements or mechanisms are selected and then properly designed and
detailed. Other elements are then designed with reserve strength capacity
to ensure that the structure responds as intended in the design. It
appears that detail requirements similar to SEAOC or ACI requirements for
ERCBC are followed.
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Portugal [42] - Seismic coefficients for simple structures are
determined taking into account the seismicity, soil characteristics, and
dynamic properties and ductility of the structure. Complex and/or
important structures are designed using seismic motion response spectra and
dynamic linear and nonlinear analyses as appropriate. Structures are
checked for safety at ultimate limit states. Specified ductility factors
are 3.0 for high-ductility RC frames, 2.0 for shear wall-frame structures,
and 1.5 for shear wall structures.

Columbia [43] - A proposed seismic code requires that the fundamental
period of the structure, T, be greater than 1.4 T' or less than 0.7T',
where T' is the period of the site. This provision is intended to
minimize the seismic forces transmitted to a building by avoiding resonance
between the soil and the building. Buildings over 60 meters in height
require a rigorous dynamic analysis. Lower structures are to be
proportioned for elastic behavior for the normal design earthquake and have
enough ductility to avoi d co 11 apse for a maximum earthquake. "Ductility
ratio" is defined as the ratio of the curvature at ultimate and yield
states of members. Tall structures (> 60 m) must have a minimum ductility
of 6 and lower structures must have a minimum of 4. The requirements for
RC construction appear to be similar to the SEAOC and ACI requirements.

Australia [44] - The latest draft of the Australian code has
requirements analogous to those in the 1973 SEAOC for ERCBC in the highest
seismic zone. The requirements for RC DMRSF, shear walls, and braced frame
members appear to be identical to those in the 1973 SEAOC.

PROBLEMS IN INTRODUCING RESEARCH RESULTS
AND IMPLEMENTING THEM IN PRACTICE

There appear to be several problems generally encountered when
introducing research results into codes and later implementing them in
practice. One major problem is to duplicate in laboratory testing the
situation usually encountered in actual buildings. Size of the test model
is often a limitation, although laboratory facilities in the past few years
have been expanded and funding provided for larger-scale testing. The full
scale testing is usually limited to one beam span plus beam and column
stubs or similar type arrangements. Testing can be done with
cyclic-reversible loading but facilities are not available to perform tests
on full-scale models using vibratory loading.

Another problem associated with full-scale testing is that of
developing test specimens representative of the range of loading
conditions, configurations, and sizes encountered in building design.

The results from scale model testing indicate the type of solution or
requirement needed for some design situations. However, actual conditions,
scaling factors, and variations in construction often make it difficult if
not impossible to develop reasonable criteria; therefore, a conservative
solution is selected.



A problem often arises with implementing ERCBC research results
because the recommendations involve complex details both in design and
construction. Research has shown the need for confinement of the concrete
and anchorage of flexural reinforcement. Figures 11(a) and (b) show
typical interior and exterior beam-column joints and fllustrate the
complexity and congestion in joints. The sizing of the beams and columns
are often controlled by the need to continue longitudinal beam steel
through the joint and at the same time miss the vertical column bars. Then
the confinement hoops have to be placed and enough room left for concrete
placement.

The detailing of the joints to ensure viability of construction
requires considerable design time. Unless the designer is familiar with
all of the design detail requirements, the possible congestion at a joint,
and the consequent effect on member sizes, he may find that he has to
resize members (and advise the architect of the larger sizes required).
The result can be considerable extra work.

Many of the research results, when put in equation form for
presentation in ERCBC code provisions, appear to be complex and therefore
tend to give the implication that the design of RC and ERCBC is a precise
technique. This complexity and appearance of rigorous accuracy tend to
increase resistance to their acceptance in practice because often the
practicing professional does not understand the development of the
equations and therefore is hesitant to accept and use them. The
experienced engineer realizes that the input data contains numerous
assumptions and hence extreme accuracy in calculation is not always
appropriate. The complexity often increases the time required for designs.

The Commentary published with the SEAOC provisions is helpful to the
designer of ERCBC. The Commentary explains the intent and reasons for the
requirements. The ACI-ASCE Committee 352 report [45] presents
recommendations and design examples for beam-column joints where the column
is equal to or wider than the beam width. The Committee's recommendations
were based on laboratory and field experience and reflect their evaluation
of much of the RC beam-joint research performed from 1971 through 1975.

CONCLUSIONS AND RECOMMENDATIONS

Development of code requirements for ERCBC has shown considerable
progress in the past two decades. Observations of earthquake damage to RC
bUildings and evaluations of the results of research have led to
development of most of the code provisions. There are many areas that need
further research and study.

1. Because of the rising costs of construction and the continuing
search for cost reduction, there is increasing pressure to
develop details for precast frame members that will provide
the required ductility. The connections of floor and roof
slabs to the frame members also need study.
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2. The development and use of details for prestressed and .
post-stressed RC construction necessary to provide ductility
need extensive study. The ability of such structural systems
to develop the required strength and ductility should be
further investigated.

3. Further research is needed to develop requirements for flat
slab-column or flat slab-wall systems so as to provide
adequate ductility in the inelastic range.

4. Guidelines for the calculation of fundamental period of RC
frames and shear wall buildings for use in analysis and design
are needed. Should cracked ,or uncracked sections, clear span
dimensions, gross section dimensions, etc., be used. For
example, after study of available data, the ATC-3 committee
recommended the same simplified formula that has been used for
many years to calculate the period of RC buildings other than
frames (TR = 0.05 hn/ ICD.

5. Coupled shear walls are often used in buildings. The question
of whether the coupling beams should be designed and detailed
to provide the required shear and moment strength and
ductility should be evaluated. The use of diagonal principal
reinforcement in the coupling beams improves their strength
and ductility, but is expensive to construct.

6. Considerable research is still needed in beam-column joint
design. ACI-ASCE Committee 352 published a lengthy list of
needed research (see Appendix A hereto).

7. The inelastic behavior of shear wall-frame systems needs
further study [46].

It is hoped that wherever possible research results can be presented
in somewhat simplified format so as to make them more readily acceptable
and usable in practice.

It is recommended that the improvement of communications between the
researcher and the practicing engineer be given detailed study. Some
research projects utilize advisory panels -- others do not. The advisory
panel concept is helpful for some projects and for others it is
ineffective. One possible solution might be to make a conscious effort to
involve practicing professionals as consultants who would be involved in
the planning stages and as the project progresses. The consultants could
assist in presenting the research results in a format compatible with use
in codes and by practicing engineers. Obviously such participation would
take a considerable amount of the consultants' time. Some means should be
developed for the consultants to be reimbursed for their time and expenses
because most structural engineering firms are relatively small and the
amount of time required would be a burden if it were donated.
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406 APPENDiX A-AREAS Of NEEDED RESEARCH
(from ACI JOURNAL, Ref. 45)

In developing "Recommendations .for Design of
Beam-Column Joints in Monolithic Concrete
Structures," the committee surveyed available
research into the problems of joint behavior and,
wherever possible, incorporated the research re
suIts into the recommendations. However, it is
apparent that a number of problems have not been
studied sufficiently to warrant making specific
recommendations and in some cases there is no
research reported in the literature which bears on
the problem. To identify the areas of needed re
search and to provide an indication of some of the
limitations of the recommendations, the following
listing of topics was developed.

A.1-Effectiveness of confinement due to spiral
reinforcement or rectangular ties -and crossties

The behavior of confined concrete under dif
ferent combined states of stress that can be de
veloped in a joint should be investigated. Most of
the data available are from tests under uniform
compressive stresses.

A.2-lnfluence of lateral members framing into the
joint

Very limited test data indicate that beams fram
ing into the core have a beneficial effect on the
shear strength of the core. However, the confining
influence of .such members has not been studied
systematically and considerable work needs to be
done to evaluate the factor y included in the rec
ommendations. Confinement and forces produced
by lateral beams and floor slabs should be con
sidered in such tests.

A.3--Effective core area for shear calculations

Tabulations of the shear strength of the con
crete in core, .al'e ~pendent on the effective core
area selected. A key question is the manner in
which concrete cover over the transverse rein
forcem~nt should be treated. Studies are needed
to evaluate the effectiveness of concrete cover for
shear strength in the presence Or absence of lat
eral members framing into the joint.

A.4-lnfluence of biaxial forces on shear strength

All beam-column joint studies reported are
limited to the application of loads or deformations
prodUcing shear in one of the principal· directions
of the joint. Work is needed to evaluate the in
fluence of biaxial forces acting on the core. It is

important that beams in both directions are sut
jected to seismic loadings so that the influence c
biaxial shear (and torsional forces) on the core a
well as damage to "confining" beams be fully el
plored. Studies are also needed to evaluate th
behavior of joints with beams and columns n(
arranged concentrically on the joint core so th:
torsional stresses are induced.

A.5-lnfluence of axial column loads

The equation presented in the recommendatior
for shear strength of the core concrete indicatE
that compressive axial loads are beneficial. Iil It
absence of test data, the shear strength is assume
to be zero where known tensile forces act on tI'
column. For Type 2 joints, the tensile forces ca
be induced by vertical ground motions and/or tI'
overturning moments due to lateral excitatic
which are highly variable.

At present there are no data available regardir
the shear and flexural behavior of columns und,
such excitations.

A.6--Shear strength of joint

The recommendations include a provision limi

ing ultimate shear stress on the core to 20vTar
the contribution of transverse reinforcement
15\' fr'. These values must be examined in light
tests in which the influence of biaxial forcl
lateral members framing into the joint,. and c(
umn tensile forces are evaluated.

A.7-Size and location of members framing in
joint

The recommendations are limited to cases whe
the beams are no wider than the columns aJ

beam reinforcement is located within the colun
reinforcement. Research is needed to evaluate t
performance of the joint where the beam is wid
than the column and all the beam reinforceme
may not be placed within the column bars. Whe
beams are not concentric with the column, torsi
may be produced in the joint and add to the she
stresses. No data are available on the effect of I

centric beam locations.

A.a-Column hinging

To prevent shear strength deterioration in 1
columns, the recommendations call for joint tral
verse reinforcement to continue into the coluIT
for a distance equal to the effective depth of 1
column. In addition, the flexural capacity of 1



columns at the joint must not be less than that of
the beams framing into the joint. The provisions
are intended to insure that hinges form only in
the flexural members. Studies are needed to eval
uate the consequences of column hinging on per
formance of structures.

A.9--Anchorage capacity of hooked bars

The recommendations include, pz:ovisions for
calculating the capacity of standard hooks under
certain conditions of confinement. Tests are
needed to evaluate the confining influence of
members framing into the joint normal to the
plane of the hooked bar. Such tests should include
an evaluation of bars passing through the joint in
the Vicinity of the inside radius of the hooks and
should also be conducted with loads on the lateral
beams. Additional straight lead embedments are
calculated using the development length equation
of ACT 318-71 modified to reflect an assumed bene
ficial influence of lateral confinement. The basis
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for calculating straight lead embedments remains
to be established.

A.1G-Anchorage of straight bars through joints

Under racking loads straight bars which extend
through a joint may be subjected to a tensile force
at one critical section and to a compressive force
at the opposite face. This combination of forces
coupled with severe load reversals may lead to a
rapid deterioration of the anchorage capacity of
the bar. Studies are needed to evaluate the magni
tude of the problem and to develop means of im
proving anchorage capacity.

A.11-Lightweight aggregate concrete

Studies are needed to evaluate all aspects of
joint behavior where lightweight aggregate con
crete is used. Tests are needed to evaluate the
ductility of confined sections under axial load,
shear strength of joint cores and members under
load reversal, and anchorage capacities of both
straight and hooked' bars.
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INTRODUCTION

The purpose of this paper is the introduction of basic ideas of earthquake
resistant regulations in the world except U.S.A. A recent Draft of Earthquake
Resistant Regulation in Japan is explained especially in detail. The basic
philosophy of earthquake resistant design of building structures are 1) to
prevent loss of human life and personal injury, 2) to minimize damage to
property, and 3) to ensure vital services, in the event of earthquakes.

It is a well recognized fact, however, that to provide complete protection
against all earthquakes is not economically feasible. It is generally accepted
that earthquake design forces should be estimated in order 1) to prevent struc
tural damage and minimize other damage in moderate earthquakes which occasional
ly occur, and 2) to avoid collapse or serious damage in severe earthquakes
which very seldom occur.

General Procedure

The seismic analysis of a structure is usually perfomed by a method using
equivalent static loadings to represent the dynamic actions of the earthquake
upon the structure. In this case the lateral seismic forces to be distributed
over the height of the building are determined according to one of the follow
ing methods:

1) The total seismic force on a structure is determined by the so-called
base shear coefficient. For a further step, the total seismic force
is distributed over the height of the structure, by considering the
response of the structure during earthquakes.

2) The lateral seismic force at each floor level is directly determined
by so-called lateral seismic coefficients. These coefficients are
generally varied over the height of the building, in consideration
of the response of the structure during earthquakes.

Either of these methods should give a similar result when applied properly.

The value of the base shear coefficient or the lateral seismic coefficient
is usually evaluated by considering the following factors:

1) Dynamic properties of the structure (natural periods of vibration,
modal shapes, damping)

2) Type of construction (ductility or energy-absorptive capacity of the
structure)



3) Importance of the structure as related to its use

4) Seismicity of the region

5) Subsoil Conditions

6) Allowable stresses and load factors

The force induced by an earthquake on a structure may act in any direction.
However, only horizontal components of the earthquake forces are usually con
sidered and these are generally taken to act nonconcurrently along the two
main axes of the structure, although some consideration is now being given to
their concurrent action.

Vertical seismic forces also should be considered in the design of a
structure and/or portions of the structure when it is deemed necessary.

The value of vertical load to be used for seismic calculations is equal
to the total dead loads plus a probable live load for the structure under
consideration. In heavy snow areas, the probable snow load is also considered.

Larger seismic coefficients than those for the building as a whole are
usually applied to the design of parts or portions of buildings such as cantil
ever parapets, supported structures (towers, tanks, penthouses, chimneys, etc.)
projecting from the roof, ornamentations, appendages, etc.

The provisions prescribed in seismic codes in connection with earthquake
loading and response criteria include 1) distribution of horizontal shear,
2) evaluation of overturning moments and horizontal torsional moments, 3) drift
limitation, 4) separation of buildings, 5) setbacks, 6) structural design
requirements including the problems of providing the necessary ductility, etc.
These are the essential items to achieve sound structural design of buildings
to resist earthquakes.

In some earthquake countries, the earthquake design forces are determined
by a dynamic analysis due to design earthquake motions selected to be appro
priate for site and soil conditions. This method is recommended and may be
required for specific structures such as slender high-rise buildings and
especially important structures involving unusual risks. The elastic and
inelastic dynamic analyses based on time-history accelerograms are used for
the aseismic design of tall buildings in some countries.

CURRENT SEISMIC CODE REQUIREMENTS

Horizontal Earthquake Force and its Distribution

The earthquake loading prescribed in most current seismic cades in the
world may be represented as follows:
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total earthquake farce or shear at the base of the structure.
lateral seismic force applied to the level designated i.
seismic base shear coefficient which is determined in considera
tion of Z, I, S, K and,T.
lateral seismic coefficient assigned to level i which is determin
ed in consideration of Z, I, S, K and T.
total vertical load used for seismic calculations.
portion of W which is located at or is assigned to level i.
seismicity of the region (seismic zoning factor).
importance of the structure as related to its use (importance
factor) •
subsoil condition (soil factor)
type of construction, damping, ductility or energy-absorptive
capacity of the structure (construction factor).
natural period of vibration of the structure in the direction
under consideration.

The horizontal earthquake force and its distribution prescribed in some
of the typical seismic codes are explained in the following chapter.

CANADA National Buidling Code of Canada

0.05
C(Z,I,S,K,T)W = Z'I'S'K ,r.:- W
Z = 1, 0.5, 0.25 ~T
I 1.3, 1.0
S 1.5, 1.0
K 1.33, 1.0, 0.8, 0.67 ,

(F-ft)wihi

F =

n
); wxhx

x=l

F
n
); fi + ft

i=l

where f t
T
n

ft= 0.07 TW ~ 0.25W
ft= 0 for T ~ 0.7

concentrated load at the top of the slender structure
fundamental period of vibration (sec.)
number of the maximum stories

The design earthquake loading may be determined by dynamic analysis.

NEW ZEALAND New Zealand Standard Code of Practice for General Struc
tural Design and Design Loadings (NZS4203), (1976)

F C (Z,I ,R,S,K,T)W
CO·I·R·K.W

(Z,S,T)I· R·K·W

For rigid and intermediate soils,

Co
Co
Co

0.15, (0.125), [0.1] T ~ 0.45
0.075, (0.0625), [0.05] T ~ 1.2
linear decreasing with period T

no parenthesis : Zone A
round blacket ( ) : Zone B

0.45<T<1.2 square blacket [ ]
Zone C

FQX flexible soil,

Co = 0.15, (0.125), [0.1] T ~ 0.6, (0.7) [0.8]
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Co 0.0825, (0.075), [0.065] T ~ 1.2
Co linear change 0.6, (0.7), [0.8]<T<1.2

2.0, 2.5

1.0, 1.3, 1.6
risk factor = 1.0, 1.1, 2.0, 3.0
K' x M
K' = structural type factor = 0.8, 1.0, 1.2, 1.6,
M structural material factor = 0.8, 1.0, 1.2
0.04 ~ C ~ 3.6 CO·I·M

(F-ft)wihi

I

R
K

n

¥ wxhx F = xEl fi + f t

x=l f t = O.lF for slender structures

Dynamic analysis using spectral modal analysis is allowed for any building
and may be required for special structures. Lower limit of the base shear for
dynamic analysis is 0.9F of static analysis. Time history response analysis
may be used to supplement the spectral modal analysis.

VENEZUELA Provisional Standard for Earthquake-Resistant Structures,
December 26, 1976

F C(Z,I,S,K)W = Z[I·S·Klw
Z = I, 0.5, 0.25
[I'S'K] = 0.045, 0.15

wihi
fi = F n

X':l
Wxhx

The above mentioned formulae are applied for buildings less that 20 floors or
less than 60 meters in height. For designing buildings taller than the above,
dynamic analysis is required in addition to the static design method. The
final stresses to be used for design shall not be less than 60% of those due to
the static design method.

U.S.S.R. Standards and Regulations for Buildings in Seismic Regions
(1970)

fki kki(Z,I,Tk)wi
[Z.I] ,Sko11ki,wi

where fki design seismic force acting i in k th vibrational mode
Tk natural period of k th mode

[Z.I] 0.1, 0.05, 0.025
1

Sk Tk' 0.8 ~ Sk < 3 ,Sk increased for very slender structure

deflection at j and i in K the
mode

n
XkijhWjXkj

n
L w'xk'

j=l J J

In designing most structues, only the fundamental mode of vibration of the
structure need be considered. For tower-like structures (height/width ~ 5) and
flexible frame structues (Tl > 0.5 sec.), higher modes (up to the third-mode),
of vibration should be considered. In this case, the stresses (moments, axral
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and shear forces) of the structure are computed by the following formula:

N / 2 0.5~N·2
~Nmax+ ]:1-

where N value under consideration
Nmax maximum value among all modes of vibration

Ni other value except Nmax

The seismic stress induced in buildings higher than 5 stories should be
mUltiplied by the following factor:

(l
n

1 + 0.1 (n-5) ~ 1.5
number of the maximum stories

F

Criteria for Earthquake Resistant Design of Structures,
Jan. 1970 (IS: 1893 - 1970, Second Revision)

() 0.5
C Z,I,S,I,T W = (lh·I·S·K ~ W

(lh 0.08, 0.05, 0.04
I 1.0, 1.5
S 1.0, 1.2, 1.5
K 1.33 max. and 0.33 min.

F,wih2i

n
l: w.h2 .

i=l 1- 1-

The above mentioned formulae are applied for buildings lower than 40 m
in height. For buildings taller than 40 m in height and up to 90m, modal
analysis is recommended. For buildings taller that 90 m, detailed dynamic
analysis shall be made based on expected ground motions.

Vertical Earthquake Force

Earthquake ground motions are in three dimensions, including both horizon
tal and vertical components. The vertical component is usually less intense
than either horizontal component and is usually characterized by higher fre
quencies. In the vicinity of the epicenter, however vertical acceleration
may be higher.

Recent records obtained by strong motion seismographs indicate that
considerable values of vertical acceleration have been observed at the upper
floors of high rise buildings.

In most seismic countries the vertical seismic forces due to earthquakes
are not considered for the design of structure except for the effect of uplift
forces and for very important structures such as reactor buildings in nuclear
power stations. It should be noted, however, that the vertical seismic coe
fficients of 1.2 to 1.4 are usually considered for the seismic design of
buildings in Italy and France.

Although no requirements are provided for concurrent vertical and



horizontal forces in most seismic codes, the recent accelerograms obtained
have suggested that effect due to veriteal component should be investigated.

Seismic Regionalization

Seismicity of the region for the construction site is usually indicated by
a seismic zoning map, which may be determined either from the seismic history
of the region or on the bases of seismotectonic factors, or from a combination
of these approaches.

The maximum intensity of earthquakes to be expected in a region in a given
future period of time, say about 100 years, is sometimes considered as the basis
of the local seismicity.

The intensities of the earthquake motions are sometimes given in terms of
the Modified Mercalli Intensity Scale (1931). The intensity of the most
seismically severe zone is usually IX of the M.M.Scale which may correspond
to 0.3g to 0.5g in ground acceleration.

Importance of The Structure As Related To its Use
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Some seismic codes include classifications
what is called the importance of the structure.
frequently required for

of strucutres depending upon
Larger static forces are

1) buildings which have essential functions for the safety of public,
after the hazardous earthquake

2) buildings where a large number of people assemble

3) buildings, the collapse of which endanger the surrounding public

The first category includes hospitals, emergency relief stores, fire
stations, telephone exchanges, broadcasting and television buildings, power
stations, etc. These structures should remain in operation after an earth
quake. The second category includes assembly bu:Hdings,scnools, theaters,
etc. where many human lives in each structure may be endangered in case of
collapse. The third category includes nuclear power plants and chemical plants.

The value of the importance factor employed in the seismic codes is
usually in the range of 1.2 to 1.5 in the evaluation of earthquake forces. In
U.S.S.R. and other seismic countries in eastern Europe much larger values (2
and 4) are used in the aseismic design of important structures.

Subsoil Conditions

In some seismic codes, the effects of subsoil conditions are taken into
account independently or in combination with the type of construction of the
building for evaluation the earthquake forces.
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It is recognized that some components of the seismic ground motion are
magnified on soft subsoil layer and that tall flexible buildings constructed
on soft soil may suffer greater damage than those on hard layers.

On the other hand, it is generally recognized that the motion of the
ground at a particular site during an earthquake has a characteristic period
of vibration which tends to be short on firm ground and long on soft ground.
Therefore, attention should be paid to the problem of the resonance of a
structure with the ground motion, together with the complex interaction between
them.

In the evaluation of earthquake forces, the ratio of soil factor for soft
soil to that for hard soil is generally taken in the range of 1.5 to 2. In
some countries such as Chile and Mexico, the soil factors are given in combina
tion with the type of construction, taking their dynamic properties into
consideration.

Types of Construction Related with Ductility

The overall ductile property of a structure provides an important contribu
tion to its earthquake resistance. The capability of the structure to absorb
a large amount of energy in the inelastic range is essential to avoid catas
trophic failure.

It is recognized that moment-resisting frames of ductile materials such
as structural steel and ductile reinforced concrete have shown good earthquake
resistant characteristics. In the case of reinforced concrete buildings,
however, some structures are subjected to the brittle shear failure. So
provisions to avoid shear failures in such building should be followed.

In some seismic codes such as the U.S.A. and Canadian codes, the coeffi
cient K is assigned to different types of structural systems. The ratio of
the maximum value of K to the minimum is 2 as shown in paragraph 3.1.

It is interesting to note that the construction factors are considered
in relation to the damping of the structure in the Rumanian seismic code.

Drift Limitations

Control of lateral deflection or drift of a story relative to its adjacent
stories is considered to deal with the problems of 1) restriction of damage
to the non-structural components such as glass panels, curtain wall panels,
plaster walls and other partitions, 2) reduce panic or discomfort due to large
motions and 3) control of building stability in inelastic deformations.

In should be noted that realistic interstory drift during earthquakes
are best estimated by computations using a method of dynamic analysis. However,
drift limitations using design static earthquake loading are given in some
seismic codes. The values of the interstory drift are limited to 0.002 of the
story height under the seismic design loadings in Mexico.



In Japan there is also no provision for .drift limitation in the Building
Standard Law, but the value of 2 cm per story is usually taken as the limit of
drift for high rise buildings when computed by a method of dynamic analysis.

In connection with the problem of drift, there are provisions for the
separation of buildings in some seismic codes such as U.S.S.R., Venezuela,
Mexican and Portuguese Codes to avoid hummering reactions due to earthquakes.

Horizontal Torsional Moments

The torsional effects of earthquake forces are considered in the aseismic
design of a structure with eccentric mass distribution.

considering the inaccuracy of estimating eccentricity, the seismic codes
of some countries such as Mexico, Canada and U.S.A. consider a larger eccen
tricity than the computed ones. When the eccentricity thus increased is
relatively large in comparison with the corresponding plan dimension, the
effect of torsion is doubled or a dynamic analysis is required in the case of
the Canadian seismic code.

Overturning Moment

As a building (especially a tall building) is excited by the fundamental
but also higher modes of vibration, the evaluation of the overturning moment at
a given level of the building should be made by a method of dynamic analysis.

The distribution of equivalent static earthquake forces prescribed in the
seismic codes primarily reflects the forces that may be developed by the
dominant fundamental mode. Therefore it has been considered that the overturn
ing moments computed by the distributed earthquake forces prescribed in the
code may be conservative for the calculation of the axial loads from earthquake
forces on vertical elements and footings.

In the seismic codes of Canada, the provisions on the reduction factors
of the overturning moment at any given level are prescribed. The value of
the reduction increases with the increase of the fundamental period of vibra
tion of the building and also with the distance from the top of the building
to the lower level under consideration.

Dynamic Analysis

The usual dynamic analysis procedure is to use either the earthquake
response spectra or time-history accelerograms as the basis of design.

Modal analysis procedures based on earthquake response spectra are
?rescribed in the seismic codes of India, Mexico, New Zealand, Peru, Rumania,
U.S.S.R. and Yugoslavia. In the modal analysis the maximum dynamic response
i.s usually obtained by the method of "square root of sum of squares, "taking
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the first three vibrational modes into consideration.

Dynamic analysis based on the time-history accelerograms of appropriate
earthquakes are recommended for aseismic design of tall buildings in the
seismic codes of India and Canada.

When the structural response obtained by the dynamic analysis is not
satisfactory, the assumed structural model is modified and a revised response
is computed. This procedure is repeated until a sound structural design of
the building is accomplished. In tall buildings there ~ay be many items of
mechanical and electrical equipment and piping, some of which should ratain
their functions during and after a severe earthquake. The aseismic design of
these installations should be made by dynamic analysis procedures based on
the earthquake response of the portions of the building which support them.

A DRAFT OF EARTHQUAKE RESISTANT REGULATIONS IN JAPAN

This Draft of Earthquake Resistant Regulations owes a great deal to the
results of investigations of the major minis trial project on new technology
for synthesized earthquake resistant design in Ministry of Construction, which
had been carried out from 1972 through 1976. I also has reflected the results
of investigations in universities, public and private laboratories. To
establish a practical and rational earthquake resistant method is the purpose
of the D.raft.

Outline of Draft of Earthquake Resistant Regulations

Damages of structures caused by Niigata Earthquake (1964), Tokachioki
Earthquake (1968) and San Fernando Earthquake (1971) stimulated to improve and
rationalize the earthquake resistant regulations. For this purpose, the new
major ministrial project and been carried out from 1972 through 1976 and A
Proposal For Earthquake Resistant Regulations was presented by Ministry of
Construction in March 1977. This project consisted of 6 themes and 20 sub
themes.

The proposal has been devided into 2 parts. In part I, a fundamental
conception commonly applied to bridges, soil structures, underground structures
and buildings is proposed. Part II deals with the calculation methods of
buildings. The draft is compiled according to the following principles.

(l)Standardization of Fundamental conception--Each earthquake resistant
regulation has its own background. It has improved by itself by studying the
damages of structures caused by past earthquakes, analyzing the earthquake
ground motions which have been obtained by the strong motion observation
network and investigating the characteristics of structures and their members.
Consequently the design methods have been diversified in accordance with the
uses and types of each structure.

In the project, existing earthquake resistant regulations were reviewed
and the fundamental conception for designing bridges, soil structures,



underground structures and buildings were proposed.

(2) Clarification of Design Procedure--Up to the present time earthquake
resistant design has mainly been concentrated on the calculation methods. The
fundamental design procedure has not satisfactorily been clarified. The Draft
made clear the fundamental design procedure considering characteristics of
earthquake ground motion, seismic performance and safety.

(3) Systematization of Design Procedure--Earthquake resistant design is
required to have an adequate procedure in accordance with the characteristics
of subgrounds and structures. The Draft shows fundamental conception for
earthquake resistant design in order to indicate right procedure to follow.

Fundamental Conception of Aseismic Design

In earthquake resistant design following items should be considered.
(1) Characteristics of structures
(2) Uses of structures
(3) Types of structures
(4) Scales of structures
(5) Circumstances of structures
(6) Damages of structures and surrounding grounds caused by part earthquake

Fig.2 shows a fundamental procedure of aseismic design. In the procedure, the
process to calculate seismic force or earthquake responce is classified into
4 methods as below.

(1) Seismic coefficient method
(2) Modified seismic coefficient method
(3) Seismic deformation method
(4) Dynamic analysis method

The method to be selected among these is determined by considering charac
teristics of structures.

Standard Seismic Loadings for Aseismic Design

Seismic zoning is presented herein in order to indicate characteristics
of earthquake ground motion at each site. Frequency of past earthquakes,
records of strong-motion earthquakes and seismic activity in a relatively
wide area were taken into account in the zoning.

To determine the intensity of earthquake ground motion at certain site,
seismic zoning as stated above and the characteristics of ground should be
taken into consideration.

Seismic loadings for aseismic design is evaluated by the coefficients
concerning the seismic zoning and the characteristics of ground according to
the method of earthquake resistant design.

Soil Investigation and Seismic Behaviors of Subsoil Layers
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Investigating the documents on the damages of soils caused by the past
earthquakes is quite instructive in earthquake resistant design of structures.
If it is necessary, the characteristics of soils at the construction site should
be investigated. Seismic loadings are determined considering the results of
investigations and examinations stated above.

The Draft also requires the examination and confirmation of soil stability.

Calculation Procedure for Building Structure

1. Design Procedures and Steps--This aseismic design method involves six
design procedures and each procedure has two steps. One or more 6f the six
procedures would be selected, according to the structural properties and the
use of the building; materials, seismic resisting system, height, etc.

The step 1 of these design procedures should satisfy the condition that
the response of the structural members as well as the non-structural elements
caused by the frequent earthquakes should not exceed the elastic range of the
materials and the caused damages should be small enough that the repair would
be scarcely required due to such earthquakes.

The step 2 following step 1 should satisfy the condition that the build
ing structure would not collapse by the maximum possible earthquakes such as
Kanto Great Earthquake in 1923.

The schematic chart of these design proceudres and steps is set forth in
Table 1.

2. Seismic Force--The total lateral seismic force is basically determined by
the following formula :

F = C'W (1)
Where C is the seismic design coefficient given by formalae (2a), (2b) , (3a)
or (3b). W is the total dead load of the building and applicable portions of
other loads.

The seismic design coefficient for step 1 shall be determined in accor
dance with the following formula :

Cl = Z·Gc(T)·eCo (2a)
Where Z is the seismic hazard zoning factor prescribed in section 3. Ga(T)
is the soil profile spectrum for approximation as given in section 4 and T is
the fundamental natural period of the building in seconds. eCo = 0.2 is the
standard base shear coefficient for step 1.

In procedure I-A or I-B, the height of the
the value of T is small. Accordingly, Ga(T) is
1.0. Therefore formula (2a) is reduced to (2b)

Cl = Z·eCo

building concerned is low and
considered to be constant and

(2b)

The seismic design coefficient for step 2
dance with either of the following formulae :

C2 Z·Ga(T)·Kl·PCO
C2 = Z·G (T)·K2·PCo

shall be determined in accor-

(3a)
(3b)



3. Seismic Harard Zoning Factor--Seismic hazard zoning factor Z was deter
mind by the seismicity, appling the theory of extremes, statistics and the
engineering judgement. The values of Z are given in Fig. 3; seismic hazard
zoning map.

4. Soil Profile Spectrum--The effects of the soil profile properties and the
natural period of the building are expressed as the soil profile spectra as
given in Fig. 4.

One of these spectra Go(T) is for the approximation and the rest four
Gl(T) correspond to four soil profile types.

The soil profile types are defined as follows
Soil profile type I is a profile with rocks, hard and well consolidated sands,
etc.
Soil profile type 2 is a profile with sands, stiff clays, hard loams, etc.
Soil profile type 3 is a profile which would not belong to other types.
Soil profile type 4 is a profile with soft clayes, loose sands, etc.

5. Structural Coefficient--It is a well known fact that the ductile structure
could absorb more energy than the brittle one and it is not practical to design
the building to be completely elastic when subjected to the maximum possible
earthquake motion. Accordingly the structural coefficients, Kl and K2 are
proposed and they would be denoted as the response modification factors
dependent on the energy absorption capacity of the building to the earthquakes.
The values of these factors are given in Table 2, according to the structural
materials and system, and ductility level. Kl would be used in procedure II-A
and K2 in procedure II-B, III-A and III-B, as shown in Table 1.

6. Seismic Hazard Exposure Factor--According to the use or the character of
the occupancy of the building, the appropriate design procedure could be
selected or the seismic hazard exposure factor could be adopted to be used in
step 1 or 2. The value of the factor is not specified in this method, because
the reliable theory to determine the value is not developed yet. -But it can
be suggested that the probability of failure, larger deviation of the seismic
resistant capacity as well as far larger deviation of the seismic force,
social utilities and the acceptable level of mortal risk should be stUdied to
determine the value of the seismic hazard exposure factor.

Concluding Remarks

The proposed aseismic design method is based on the principle that make
it possible to apply the new theory and research as well as to utilize the
new materials and structural system. If one of the six design procedures
would be selected properly, the building designed might be expected to stand
against the strong motion earthquakes with economical designing effort and
economical use of structural materials.

However, the details of the Draft might be subjected to minor modifica
tions through the following extensive studies:

i) re-examination of various parameters
ii) case study on different types of buildings
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iii) simplification of the Draft for practical use.
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SEISMIC CODE BASED ON SEMI-PROBABILISTIC APPROACH
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ABSTRACT

The paper presents a rapid overview of the techniques currently employed
in the probabilistic forecasting of earthquake ground motions and a brief
introduction to reliability principles as they could be applied to reinforced
concrete construction. It is shown that while the basic forecasting method
ology is reasonable, the techniques leave much to be desired particularly
with respect to the assessment of criteria.

Several new developments are presented which show promise of increasing
the state of knowledge about ground motion from an improved treatment of
existing data. The basic error in response spectrum code provisions is
discussed. A limited statistical analysis of the response characteristics
of oscillators to a variety of earthquakes is presented as well as the
results of decomposition of records into collections of transients.

INTRODUCTION

The purpose of this discussion is to present a rapid overview of a very
large subject. The results of probabilistic analyses that appear as func
tions or numbers in seismic codes are few and it is unlikely that this will
change greatly in the next few years. There is a natural reluctance on the
part of professional engineers to change a subjective design practice on the
basis of the mathematical rationality of a poorly understood procedure.

A code design criteria must be deterministic and each such item is the
result of a decision process. In contrast, the occurrence of earthquakes
and associated response of structures to earthquake ground motion is uncer
tain prior to the occurrence of the event. Such scientific forecasts about
the uncertain future, however, are one of the key ingredients in the deci
sion process which results in the code. This discussion is primarily con
cerned with the making of the rational probabilistic scientific forecasts
that can be reflected in criteria.

The material that follows focuses on loadings since the associated meth
odologies have become relatively stabilized. In contrast, although a great
deal is known about the real performance of reinforced concrete members and
assemblies, this information has not been properly translated into codes.
The interaction between the variabilities of strengths in assemblies has not
been considered by code-making bodies. The theory'of reliability has not
been considered in codes dealing with reinforced concrete. Reliability
theory differentiates between precast and continuous cast-in-place construc
tion, with the latter being given a position of advantage that it does not
have in the current codes.
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The techniques that follow have evolved over a considerable span of time
and are continuing to slowly evolve. Standardization of procedures has had
the usual result of inhibiting research. The developments have occurred in
diverse fields under a multitude of differing circumstances ranging from the
need for an academic paper to the acceptable risk associated with a nuclear
power plant. In addition, scientists have often considered themselves to be
engineering-decision makers, thereby confusing their recommendations as
scientists.

Forecasting of Earthquake Loads

The probabilistic forecasting of future earthquakes and associated con
sequences follows a simple and direct logic. The basic assumption is that
recorded history provides an adequate basis for forecasting the future.
Thus, if the ground at the site of interest has shaken with an intensity of
MMI VIII on an average of once every 50 years for a sufficiently long period
of time, the assumption is made that future MMI VIII events will occur at
average 50-year intervals. Aside from uncertainty as to the design require
ments for a MMI VIII intensity, such as forecast is both useful and
reasonab1e. .

Poisson Occurrence Forecasting

Before examining the more complex cases of seismic source areas, atten
uation, levels of events, ground shaking measures, and decision making, it
is useful to continue the previous example. It was assumed that only MMI
VIII events are of interest and one such event occurs at the site each 50
years on along-run average. For example, assume that the times in years
between the last five events are:

35 years
50
45
70

Sum 200 Mean = 50 years

The quantity of data is small and the scatter is large so that it is
difficult to justify a very complex model of occurrence based on strain accumu
lation, for example, even though the tectonic evidence indicates this could be
the case.

The simple Poisson process [1],[2] is selected to model the occurrence of
MMI VIII earthquakes at this site. The assumption is that an MMI VIII earth
quake is equally likely to occur in any year (despite the fact that very short
time intervals are not found in the data). If the probability of an event in
any year is one in fifty or 0.02, the occurrences are simple Poisson. This is
the basic model employed in all practical forecasting although much more
sophisticated models could be used.



The probability of r events in t years if the annual mean rate of occur
rence is u is defined by:

-ut r
e (ut)

p(r)
r!

The mean of r is: m(r) ut

If u = 0.02 and t = 50, m(r) = 1. The return period or recurrence
interval of MMI VIII events is 50 years. The probability of occurrence of
an event with a 50-year return period in the period 0 to 50 years is 0.63 or
almost two-thirds.

The usefulness of this model is readily shown. If the probability of
occurrence in any year is u, the probability of nonoccurrence in any year is
l-u, and the probability of n consecutive years of nonoccurrence is (l_u)n.

Thus the probability of at least one occurrence in n years is,

1 - (l-u) n

so that- if -u = 0.02, n = 50. (Forecast time is the same as return period.)
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P(at least one occurrence)

From the Poisson model,

1 - l( _0.02)50 0.63

P(at least one occurrence) - P(no occurrences, r 0)

_ e-ut

1 50
o.10 = 1 - (1 - m)

This expression is very useful in criteria studies. If the useful life
of the facility is 50 years and we are willing to accept a probability of 10
percent that at least one criteria or larger event will occur in that 50
years, the design event is that having a 475 year return period since

- 50
1 _ em

This is the basis of the recently published seismic hazard maps by
Algermissen and Perkins of the USGS [3], as well as the ATC-3 maps of
effective peak acceleration and velocity.

Note the value of the concept in comparing different geographical areas
since a 500-year event can involve different levels of events. That is, tf
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the 500-year events at differing localities are used to design two structures
(different designs) and losses are identical with exceedance of this load
level, the mean annual losses are identical at the two sites.

Levels of Occurrence

As a first approximation, many natural phenomena show an exponential
relationship between size of event and event frequency. This type of
multiplicative relationship betweeen size and frequency appears to fit
earthquakes small to large in size, excluding both very small events and
great events.

A plot of intensity or magnitude against the log of frequency of exceed
ance gives a reasonable fit to a straight line. It has been common to neg~

lect uncertainty in magnitude and thus to fit a straight line to plotted
points assuming that the variability is entirely confined to frequency of
exceedance. Such a plot defines the mean annual rate of occurrence of events
of sizes within the data and thus fits into the discussions of the previous
section.

As long as such a plot was only an issue in academic discussions, there
were few problems. However, the extension to criteria and codes has produced
serious unresolved problems of two types. First, what is the maximum credi
ble event and, second, how does the code handle the more frequent lower level
event? The Nuclear Regulatory Commission's (NRC) Safe Shutdown Earthquake
(SSE) and Operating Base Earthquake (OBE) are examples of these problems. The
NRC regulations define the OBE as one-half the SSE, thereby implying a linear
relationship to a highly nonlinear problem.

It is thus worthwhile to examine the level of occurrence problem in
some detail. Assume that the data are in the form of Modified Merca11i
Intensity (MMI) for 135 years of historical record. The year of occur
renceis unimportant since these are Poisson events. In 135 years, the
record is:

Intensity Number

VII to VIII 1
VI 4
V 7

IV to V 1
IV 30

These data are plotted in Figure 1 as Source 1 according to the assumption
that the events are Poisson and intensity is exponentially distributed. The
data are plotted by beginning with the largest event, VII.5 (average of VII
and VIII), and plotting this value at a 135-year return period or 0.0074
annual exceedance probability. The next data point is the first VI event
plotted at a return period of 135/2 = 67.5. The next VI event is plotted at
135/3 = 45 years, the fourth at 135/4 = 33.7 years, etc. The plot on semi-
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log paper shows a reasonable fit to a straight line. A second set of data
is shown for Source 2 for the purposes of comparison. Source 2 differs
tectonically from Source 1 but is in the same general geographic region.

The assumption is that the probability density function of intensity is
as shown in Figure 2a. Unfortunately, the assumed model is unlimited with
respect to large values of intensity. Following conventional procedures,
the assumption is then made that the maximum credible event is VII.5 or a
larger value. If the largest possible event is VII .5, this effectively says
that the model is bilinear on Figure 1 as shown and the model is that of
Figure 2b. The model of Figure 2b is not compatible with our knowledge of
physical phenomena in that the probability density function cannot contain
discontinuities. For this reason, two more assumptions were investigated,
limits at VIII and IX with models shown in Figures 2c and 2d.

Is the assumption of large limits more or less conservative? Table 1
shows that the rough model is more conservative as long as the theory of
probability is applied properly. Difficulties have arisen, however, as a
consequence of selective application of probability concepts such as a
neglect of normalization. If the tail of a probability distribution is
truncated or cutoff, it is necessary to normali ze the model to make the area
unity again.

Thus it is possible to examine various assumptions rationally with
respect to largest values. It is also possible to examine the lower level
event defined on the basis of allowable damage or the limit of elastic
response, for example. Although such concepts have only been explored, it
is possible to construct a loss function for a set of graded designs against
earthquake intensity. Each of these loss functions can be combined with the
occurrence-level relationship to obtain an expected annual loss from earth
quakes for each design. A cost-effective analysis follows directly with the
result being identification of the optimum design considering all possible
future earthquakes. One obvious difficulty with such analyses is the inter
action between the structural systems and other systems in terms of function
of the facility as well as hazards. That is, all systems must be considered,
not just those associated with losses. Losses by themselves do not consti
tute a basis for decision making. The motivation for construction of a build
ing is not the avoidance of earthquake losses.

Sources and Attenuation

Earthquakes are rare occurrences so that the possibility of simulta
neous great events on the San Andreas and the Hayward faults can be neg
lected. Thus it is possible to consider several sources by simple addi-
tion of separate influences. In general, near field earthquake effects are
not properly considered in existing seismic risk analysis procedures. Thus
the site of interest should be at some distance from the energy source in
order for the methodology to be valid. Obviously, this is not a problem if
the data consist of intensity or ground shaking characteristics at the site
of interest from diverse earthquakes. In the absence of such data, the tech
nique is effectively to simulate such a set of data by attenuating the ground
motion from earthquake sources to the site in question with each such source
associated with an appropriate annual frequency-size relationship.
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Errors unavoidably exist for sites located inside major seismic energy
sources that can only be resolved by employing a finer net of source areas.
These errors are associated with the assumption that every point along a
selected fault length has equal likelihood of being an epicenter or every
point in a source area can be an epicenter location. With large source
areas or long faults, this can be a gross approximation for sites near to
the energy source since it amounts to the shifting of energy from areas of
high-energy-release rates to areas actually having lower levels of activity.
Yet there is not much choice in modeling owing to the extreme unlikelihood
of an exact repetition of history plus strain-build-up considerations that
make areas with little historic record of activity likely sources of future
activ ity.

Attenuation can be in terms of Modified MercalJi Intensity or magni
tude. It is indicative of the state of knowledge that each of several fore
casting techniques can produce up to an order of magnitude difference in site
forecasts. For example, if an M8.25 earthquake is assumed on the San
Andreas fault and the site of interest is the Berkeley campus of the Univer
sity of California, it is possible to attenuate M8.25 directly to the site
in terms of peak ground acceleration. Alternatively, the M8.25 event can
be related to acceleration at the fault and then this acceleration atten
uated to the site. The M8.25 can also be translated to MMI at the fault,
MMI attenuated to the site and then the site MMI translated into accelera
tion. The range of forecasts by various techniques can involve as much as a
factor of 10 in the final results and yet each of the relationships used
makes best use of the available data.

The reason for extreme variability or uncertainty is usually the result
of the combination of systematic variabilities with random effects. This is
the case here. In the forecasting problem, the models used are quite obvi
ously gross approximations of very complex phenomena. It is possible to
make more refined studies but at great increase in cost and effort. Very
sophisticated methodologies and techniques exist that can resolve many of
these issues but thus far there has been no government or industry support
for such investigations. The support issue is complicated by uncertainty
about cost effectiveness of such work.

Ground Motion at the Site

From the standpoint of structural analysis and design, the earthquake
requirements can be expressed in three different forms, each with many varia
tions. A simple static coefficient may be employed which has no direct rela
tionship to probabilistic methodology other than it being the result of a
committee vote made under uncertainty. Unfortunately, geologists and seis
mologists have interpreted such a jUdgmental coefficient in terms of peak
instrumental ground acceleration. The apparent direct relationship between
the ATC-3 effective peak acceleration map and the Algermissen-Perkins USGS
map [3J is the result of a desire to avoid such criticism and misunderstand
ing while retaining more or less the same basic design levels by adding sets
of balancing coefficients in the engineering design recommendations.
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Response spectra have received a somewhat different treatment again
with the discontinuity between science and criteria in keeping with their
differing functions. The response spectrum for one particular record is
shown in Figure 3. If now attention is focused on structures with a period
of less than 1 second more or less, all response spectra of interest are
similar in shape, concave downward, and all show such extreme variability
that it is difficult to select either a mean value function or reasonable
engineering envelope of maximum values. Furthermore, it appears that
response spectrum ordinates associated with large peak instrumented ground
accelerations are larger than those with small peak instrumental ground
accelerations. In the absence of a better normalizing constant, it has been
assumed that instrumental records and response spectra can be scaled on the
basis of peak instrumental ground acceleration. Records have also been
scaled similarly despite obvious conflicts with the physics of the phenomena
such as size of the energy source. That is, each earthquake is a separate
individual event rather than a scaled sample of a single master event.

If we examine a set of peak ground acceleration (PGA) normalized
response spectra for a variety of earthquakes at similar instrument sites, a
figure such as that shown in Figure 4 is obtained. Now if the individual
normalized spectral ordinates at each frequency are assumed to be independ
ent random variables, it is possible to obtain the mean and standard devia
tion of the data set at each period, and even fit a probability distribution
to the data. The criteria shape is then related to say the mean value plus
one standard deviation after smoothing the results and simplifying the form
for purposes of criteria establishment. This is the essential basis of the
standard criteria response spectra.

Unfortunately, a fundamental error exists in the analysis leading to
the criteria. The assumption is made that normalized spectral ordinate
values at every frequency are independent random variables when, in fact,
all spectral ordinates for a given earthquake are not independent but depend
ent. The normalizing constant itself, PGA, is the realization of one partic
ular random variable; thus it is no more a valid normalizing constant than
any other realization. If there is any independence, it exists between
earthquakes and thus can be questioned too. A completely different method of
statistical analysis should have been used. The proper technique is to
systematically model each response spectrum for each earthquake and then
compare the values of model parameters (Fig. 5). There exists no apparent
interest in such studies since the results may well conflict with
established criteria.

The most valid design criteria is the recorded ground motion from a
perfect instrument at the site for the design earthquake event. Since this
ideal cannot be attained, the alternative is to select a set of ground
motions from nearby instrumental records for a representative group of earth
quake events. A level of uncertainty is introduced since the future may dif
fer from the past and some weighting is needed in interpreting the results.
The weighting is actually an expression of Bayesian probabilistic concepts.

Two contrasting techniques exist in arriving at code-related loading
time histories, the actuarial approach and the artificial time history
approach. If a number of instrumental records are compared in a gross sense,
the overall impression is that of a lack of order in appearance. This appar-
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ent lack of order has been considered to be the result of randomness, and
visual comparison with random vibrations leads to the conclusion that random
vibration theory affords a useful model for earthquake ground motion.
Although the random vibration model is probabilistic, the fact that the
probability model is deterministically prescribed changes it from the more
general probabilistic approach in which there is uncertainty about model and
parameters to a pragmatic model with engineering utility. Time histories
artificially generated to fit a prescribed response spectrum fall in the same
classification.

In sharp contrast, the actuarial approach to probabilistically prescrib-·
ing time histories essentially focuses on response, whi·ch in turn leads to
modeling of the aspects of earthquake ground motion that directly bear on
response. The simplest way to understand this methodology is to examine the
response time histories of linear mass-spring-dashpot systems to particular
earthquakes. Figures 6 through 11 are samples of these time histories. At
first glance, it appears that the models respond at their theoretical periods
of vibration, although the input motion contains energy at all periods. Upon
closer inspection, numerous phase shifts can be recognized. The Pacoima Dam
response illustrates the great shift in response pattern in time with changes
in periods of the responding model. In fact, for periods of one and two
seconds, the response is almost as though the earthquake were a single pulse
of energy after which the model response is very similar to damped free
vibration. The response pattern with the El Centro records differs only in
deta il .

Now if statistical studies of response time histories are made for a
wide variety of periods and 12 records from several earthquakes (Fig. 12 and
13), it is found that every response time history appears to have almost the
same statistical properties independent of earthquake and record.

Finally, a technique has been developed for exact decomposition of dig
itized records into a set of wave trains. Each wave train has a prescribed
period, but amplitude and phase are functions of time. The partial result
of such a decomposition is shown in Figure 14. It is now possible to iden
tify the motions that produce maximum response for any Vibrating system,
linear or nonlinear. The statistical analysis of the separate wave trains
for differing earthquakes and records shows great uniformity in properties.
It appears to be in the realm of possibility to obtain a rather simple prob
abilistic model of the entire ground motion that will fit all ground motion
records satisfactorily and contain only a few parameters.

RELIABILITY

During the last 15 years a great deal of effort has gone into research
leading to probabilistic models of strength and rigidity of reinforced con
crete members and assemblies. The individual member problem is virtually
sOlved from a theoretical viewpoint. Vast literature exists on this sub
ject. Outside of areas influenced by ACI 318, a first start has been made
by using characteristic values coupled with sets of factors of various types,
many of which are based on the statistical properties of members.
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A natural reluctance exists to making changes in a code such as ACI 318
based on technical improvement at the possible expense of increased complex
ity and without a promise of an improved competitive position of reinforced
concrete compared to structural steel.

Tbe possibility also exists that these changes will influence the eco
nomic position of one segment of the concrete construction industry compared
to another. This situation arises in comparing the reliability of cast-in
place continuous construction with precast industrialized construction. The
present code does not differentiate between the two types of construction,
although there is ample evidence to show that continuity has the influence pf
increasing reliability. If safety to building occupants under rare extreme
loads is of interest, cast-in-place continuous construction has a large
advantage over industrial construction.

The issue can be readily appreciated by comparing the bending failure
of a precast simply-supported slab floor composed of separate elements with
one having the same nominal strength but cast-in-place and continuous with
the supporting walls. The precast slab has a mean strength of m and a coef
ficient of variation of strength of V. If the probability distribution (PDF)
of strength is as shown in Figure l5a, the probability of failure under a
given loading, w, is equal to the indicated area of the PDF, and the relia
bility of the slab is equal to the balance of the area.

Assume that the continuous slab has equal amounts of midspan and sup
port steel with independent moment capacities, means of 0.5m and the same
coefficients of variation, V, as with the precast slab. The mean strength of
the precast and the continuous slabs are identical. However, the standard
deviation of capacity of the continuous span is 0.61 of that of the precast
slab, so that the PDF of capacity is as shown in Figure 15b. The net result
is a much smaller probability of failure for the selected load level compared
to that with the precast slab.

This example was chosen to illustrate the influence of continuity in a
very simple example. The issue is a change in reliability through the dif
ference between the reliability of a continuous assembly and an assembly of
separate components.

The other important consideration is that of balanced reliability.
That is, a structure can be expected to experi.ence many different loadings,
each of which may involve different combinations of components. It appears
desirable to have such a balance of reliabilities among the various systems
and the forecast loads, so that the overall losses during the life of the
facility are a minimum. Such analyses are only possible with thorough
probabilistic methodology.

DECISION MAKING

The loading that will occur during the life of the structure is uncer
tain and can only be described in probabilistic terms. Thus, for any given
life of structure, the result of a scientific investigation is a set of load
levels with associated probabilities that these levels will prove to be maxi-
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mum values. A design cannot be made based on such input for there is no way
to design a probabilistic member to support an uncertain loading.

The two missing ingredients are the set of design options or alterna
tives and .the costs-benefits associated with each possible design coupled
with each possible loading and its likelihood of occurrence. From the stand
point of a specific design, such calculations can be made and the optimum
design determined. Codes, however, must include such a wide range of possi
bilities that criteria decisions are matters of judgment in which the scien
tific forecasts are only a small part of the problem and the decisions are
almost entirely judgmental.

CONCLUSION

The complexity of the issues involved in assessment of seismic criteria
using probabilistic methods has been discussed including problem areas as
well as the state-of-the-art. Problems associated with geology and tectonics
have not been included owing to the fact that such data are not presented in
a rational probabilistic format, but rather rely strongly on subjective judg
ment and unquantified conservatism.

The development of applied probabilistic methods has been extremely
rapid in the past. The rush to standardization has slowed this development,
but this is in part a pragmatic recognition of the value of the tool itself.
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I. PURPOSE OF EARTHQUAKE CODES

Earthquake codes are legally enforceable rules for the design and con
struction of new buildings and for the rehabilitation of existing older struc
tures. These rules are intended to satisfy two basic objectives:

• a substantial and economically acceptable degree of protection
against injury and property damage due to the effects of the
moderate earthquakes (ranging from 5 to 7 on the Richter scale)
which may be expected to occur during the economic life of a
structure;

• an acceptable assurance that lives will be protected and structural
collapse prevented under the effects of a large, catastrophic earth
quake which might possible (though quite improbably) occur during
the structure life.

It should be recognized that some risk must always be accepted, since
earthquakes are future random events -- and for every earthquake that has
occurred, there may be a bigger one coming. The objective is to reduce the
chance of damage or injury due to quakes down to the acceptable risks that we
accept during the course of normal life.

A most essential requirement of these code design rules is that they be
applicable to all construction, such that the entire public is protected. The
rules must hage this quality of universal applicability if future disasters
are to be avoided.

I.l The Relation of Design Loads and Quality of Structure

Engineers model the effects of strong earthquakes as an application of
lateral forces on a building. These represent the inertial loads as the struc
ture is accelerated from side to side during the quake. The phenomenon may be
visualized as the push of a giant hand on the side of a building. The results
of this "push" are a sidewise bending or drift of the structure, and intensi
fied forces, moments, and shears in the columns, beams, and walls of the build
ing (see Fig. 1).
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The occurrence of a strong earthquake may cause drift values of such
magnitude that windows, interior walls, elevators, and service ducts are
seriously damaged; therefore, the control of this drift by means of stiffen
ing braces and walls is a most essential engineering objective. Further, the
individual structural elements must be both strong and tough enough such that:

columns do not buckle and collapse

Fig. 2

beams do not fracture

and walls do not shear apart.

~

If[)---

Fig. 3

Fig. 4



It is most important to realize that an earthquake can have widely dif
fering effects on different types of buildings, depending upon their qualities
of (a) symmetry and regularity and (b) non-symmetry and non-regularity.
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If a building is well-braced by walls, regular and symmetrical, drift is eas
ily controlled. If, however, there are drastic irregularities from floor to
floor, or if the plan is grossly non-symmetrical in its floor plan or with
walls on one side and flexible framing on the other -- then severe localized
drift and torsional tWisting distortions will occur.

If the members are both strong and tough, then the shaking punishment of
the quake can be absorbed. If the members are brittle, due to poor materials,
careless design and construction, or if the connections of the walls, floors,
and frame are weak, then only very moderate earthquakes can create damage and
collapse.

Bearing all of these building qualities in mind, engineers employ design
loads (the representation of the side push of the earthquake) as a means of
proportioning the strength or size of the beams, columns, and walls of a build
ing. If a structure is regular, symmetrical, and possesses tough and well
constructed elements, then it has natural qualities of earthquake drift control
and energy absorption. The design loads for this structure can be set at a
relatively low level without endangering the quake-resistant capabilities. On
the other hand, if there are irregularities in configuration or briggleness in
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the construction, then these weaknesses must be compensated for by large design
loads with their resulting large member sizes -- this is necessary in order to
provide the same quake resistance as the regular tough structure with its low
design loads. From the economic standpoint, large design loads mean large
material and construction costs, and low design loads therefore have a distinct
cost advantage, providing that the proposed structure can qualify for these low
loads.

1.2 History of Earthquake-Loading Criteria

In the 1930's, 1940's, and 1950's the structural engineers of California
generated the basic earthquake code and design procedures which are widely em
ployed throughout the world today. It is most important to recognize that these
engineers had developed these provisions for the types of building construction
which were prevalent in California at that time -- specifically structures in
Los Angeles and San Francisco. These buildings typically had strong steel or
reinforced concrete framing skeletons, filled in with very well-constructed
brick masonry walls and strong concrete flooring systems. They were usually
symmetrical and regular in their configuration, and in most cases they qualified
as good, tough, earthquake-resistant structures. It is a most educational ex
perience to walk along Market Street in San Francisco and see some of these
structures that survived the motion effects of the disastrous 1906 Earthquake
without even significant damage. The California engineers, having a knowledge
of the good performance record of these structures, formulated the following
type of design philosophy:

• relatively low lateral earthquake forces for the design of struc
tural members,

• relatively strict rules governing the types of allowable materials,
the methods of member design and tough connections, and an implied
need for symmetry and regularity.

For the time up to the 1960's, before which much construction in California did
not differ substantially from that of the tough buildings, this philosophy was
appropriate to provide seismic resistant structure. However, architectural
configurations along with methods of construction have changed significantly
in the past two decades. Frames have become much more open and irregular, and
the rugged systems of masonry partition walls and concrete floors have been
replaced by largely pre-fabricated elements' with very flexible characteristics.
The low seismic design forces which were quite appropriate for the classical old
methods of construction were applied without change for the newer structures.
Moreover, the "California" type code and its low design values were adopted for
new buildings throughout Central and South America. The basic error was that
the new buildings did not have the regularity, stiffness, and reserve toughness
necessary to justify the classical low design values.

The Caracas, Venezuela, earthquake of 1967 showed that reinforced concrete
framing had to be made much more tough or ductile in order to survive even mod
erate earthquake effects without collapse.

The San Fernando, California, quake of 1971 provided a similar lesson for
the correction of brittle concrete frame behavior.



The Managua quake of 1972 re-emphasized the experiences and lessons of
the previous events, and added the concept that a large amount of damage can
be caused in buildings where the framing is too flexible and excessive drift
occurs. Also, if buildings are not symmetrical, then the engineer must con
sider the effects of twisting or torsional drift.

Thus the engineering profession learned from these experiences, and they
worked within their committees to upgrade existing codes as follows:

• load levels were to be increased moderately, based on the seismic
region and local conditions,

• concrete framing was to be ductile,

• limits were set on drift, such that frames had to be made stiffer or
more walls and bracing were required,

• the engineering analysis should consider the effects of building
irregularity and non-symmetry.

However, while the engineers were doing their necessarily methodical im
provements, there was a public demand for more immediate action.

1.3 Reaction and Response after a Major Destructive Earthquake

In the chaos of rescue, public care, debris removal, and fire control
which is the usual result of earthquakes in large cities, very few individuals
are concerned about why some buildings survive and other collapse. The atten
tion is focused on the collapsed structures, and the reaction is that these
failures should never be allowed to happen again. The public, through their
representative officials ask, "Why the collapse?" Engineers state that they
have used the design loads from the California Codes. Officials call for doub
ling or tripling of these loads (based on the advice of theoreticians and seis
mic experts) to avoid future disasters, and herein begins the problem: more
analysis of soil and structure, more complex design -- with higher costs and
delayed reconstruction as a result. The sad part is that not only are all of
these supposedly corrective emergency actions· not particularly effective, but
they are actually very detrimental on a social and economic plane in a region
or country where new construction is essential for public needs.

The most effective action is not accomplished uniquely by design load mag
nification, but rather in the correction of bad building configurations and
the elimination of the brittle construction that is prevalent in some tyeps of
new construction and in older buildings. The basic lesson is that good build
ings do not require high earthquake design load levels which would substantially
affect their construction cost.

Another complicating factor occurs which further increases costs and de
lay. Public officials, in their search for the best answers for corrective
action, frequently ignore (at least for awhile) the basic structural engineer
ing viewpoint and turn to the academ!c and scientific community for advise.
This latter group contains the seismologists, geologists, mathematical soil and
structural analysts. They exist within the universities, governmental agencies,
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and consulting firms specializing in geotechnical work or advanced computer
analyses. These experts all have very important areas of knowledge, and with
all good intentions they wish to see that this knowledge is immediately util
ized for public protection.

This academic, scientific, and advanced analytical work is certainly im
portant and does eventually contribute to code improvements -- but the imple
mentation of effective codes should not be delayed nor should their contents
be overly complicated by the required inclusion of advanced methodologies.
These include the following specialty areas:

• Site exploration. The research of all available geological informa
tion and the physical trenching and exploration necessary to detect
active earthquake faults or any other sources of hazards such as land
slides or settlement.

• Site response analysis. The research of all available geological and
seismological information necessary to predict descriptive character
istics of future earthquake motion at the bedrock level under the
structure site. Soil exploration and drilling is then performed to
determine the dynamic properties of the soil layers between the bed
rock and the structure. A mathematical model of the soil layers is
formulated and computer analyses are performed to predict the surface
response of the earthquake motions at the bedrock level. These calcu
lated surface motions are then employed for the design of the structure.

• Advanced dynamic response analysis. Given either past earthquake rec
ords or the results of the site response analysis, computer analysis
provides a complete record of the seismic response of a proposed build
ing design. Engineers employ the results to verify the design strength
and drift control of the structure.

Again, these are all valid areas of investigation and analysis, and it is
definitely not intended here to say that the work in these areas is not neces
sary. The outlined operations are necessary for important and unusual struc
tures and for special site conditions, but good judgment is required in the
definition of criteria before they are made to apply to general classes of
ordinary structures.

In the review of the effects of recent earthquakes, no building failures
have been due uniquely to the absence of knowledge that would have been provided
by the above-listed specialty investigations and analyses, other than perhaps
risk zoning for the appropriate design load levels based on the seismicity of
a region. Practically all of the past failures would not have occurred if the
building design had conformed to the letter and intent of the 1973 (and even
more definitely by the 1976) Uniform Building Code. This is to say that good
codes now exist to provide appropriate load levels and corresponding methods of
design for given building types and materials.

Therefore, future code development work does not require inclusion of more
refined analyses of seismicity, site response, or building response, but rather
it involves a clarification or educational process that will allow all designers
of buildings to understand the intent of our most current codes, and to



understand the way in which a properly designed building resists drift damage
effects during a moderate earthquake and provides against collapse during a
catastropic earthquake. The present code load levels and methods of design
are sufficient, but the present code does lack the element of rationality.
With this weakness, it is easy for inexperienced designers to misinterpret the
provisions of the code and thereby create unsafe structures. It is therefore
most necessary to rewrite the format of the code so as to properly define ap
propriate design force levels for the various types and configurations of
structures, and to provide a rational relationship of each design step to the
actual earthquake response.

A good "rational" code should make every designer aware of the following
concepts and procedures:

(1) At the site where his structure is to be located, there can orrur two
important levels of earthquake ground motions:

• a moderate earthquake for which damage must be controlled,

• a major or catastrophic earthquake for which collapse must be
prevented.

A zone map should furnish the design load information representing
these two earthquakes -- each having its own acceptable risks of
occurrence at the site of the structure and consistent with its
degree of importance.

(2) An analysis procedure should be defined which predicts the forces and
deformations of the moderate earthquake and the deformations of the
major earchquake on the proposed building structure. This should in
clude methods of predicting the seismic behavior of non-symmetrical
or non-regular structures. Specifically, there should be distinct
definitions of the sites, structures, materials, and occupancies for
which the simplified code procedures are applicable, along with the
distinct definitions of sites, structures, materials and occupancies
where more refined methods are reqUired. These methods include the
areas of geological investigations, site response studies, and the
various levels of dynamic analysis. Engineers must know the limita
tions of the necessarily simplified assumptions and methodologies of
the code. They msut know when the uniqueness, complexity, or impor
tance of a structure requires special studies, analyses, and design
methods beyond those of the code.

(3) Rules should be given that identify the earthquake design loads ap
propriate for the given building properties of:

• earthquake force-resisting system,

• Building configuration,

• type of materials,

• type of member design and their connections,

• quality of construction,

• quality of supervision
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(4) Rules should be given for member design and structural system con
figurations such that the members, connections, and the total system
can provide the toughness and stability for damage control and col
lapse prevention.

(5) Structural and non-structural damage control should be verified at
the design load and the deformations of the moderate earthquake.

(6) Structural stability and collapse prevention should be verified at
the deformations of the major earthquake.

(7) There should be proper definition of the building plans and specifi
cations, and enforcement should be provided during construction such
that the as-built structure conforms to the design.

1.4 The Necessary Objectives and Qualities of a Workable Seismic Code

Basically, a code is merely a set of rules which must create a building
structure that is capable of providing a desired level of safety or protection
against a given seismic risk. In the interest of or in the real necessity of
simplification, it does not matter how accurately the rules resemble actual
earthquake motions or the structural response to these motions. The only fun
damental requirement is that the desired protection is prOVided within the
economic constraints of limited engineering and construction budgets.

The expressed desires of the structural engineering community are, in
order of priority:

(1) Simplicity, such that all provisions are well understood without mis
interpretation, and all design operations can be accomplished within
the established fee-structure for engineering services or design bud
get.

(2) Rationality -- each load specification, analysis procedure, and struc
ture resistance provision should have a direct relationship to seis
micity, ground motion, structure response, and structural element
behavior due to structure response.

(3) Freedom to use responsible ingenuity for special structures -- there
must be the opportunity for capable engineers to apply their perticu
lar expertise in specification of seismic ground motion, methods of
analysis, and formulation of the structural resistance system for
special structures beyond the scope of the code. Along with this
freedom, there should be definite responsibility for final design
results.

(4) Reward and encouragement for dynamic and computer analyses, when meritec
either by the complexity of a given structure and/or the particular
description of the input time history or response spectrum at a given
site. Some reasonable restrictions are of course necessary to make
sure that results are not unjustifiably different from the code base
shear method for the case of regular structures. This is to prevent
the practice of manipulation for the purposes of avoiding reasonable
code provisions for regular structures.



1.5 Tough Connections and Drift Control Rather than High Design Forces

The widely publicized effects of destructive earthquakes cause a continual
demand for structural engineers to raise the level of code design forces. While
the objective of this demand is to provide safe structures free from collapse,
the result is not particularly successful. The 1976 Uniform Building Code pro
vides a good example: as a result of the political pressures for safety after
the 1971 San Fernando Earthquake, code design loads were nearly doubled from
those given in the 1973 UBC. However, after nearly a year of availability, the
1976 UBC has not found any degree of enthusiastic acceptance. It appears that
the previous (1973) UBC gave design values which were just about optimum as far
as economical design and construction are concerned. The 1976 UBC produces
requirements for member section sizes, wall over-turning moment resistance,
and wall shear resistance which have not been in evidence as the real cause of
structural failures during destructive earthquakes, and hence this ·code does
not inspire credibility.

It is predicted that the future trend of design codes will be as follows:

• design loads will not be too different from the 1973 UBC, even in re
gions of high seismicity;

• safety from damage and collapse will be achieved by

(a) strict specifications for tough, damage-resistant connections
and structural systems,

(b) drift or deformation limits for control of non-structural damage.

In summary, good design details will be emphasized rather than the high
load levels that have been given more by theoretical analysis than by any ob
served behavior during actual major earthquakes.

1.6 The Trend of New Structural Systems

This section is to provide a discussion of existing and future economic
conditions concerning the building construction industry and the functionality
of buildings as required by their occupants. Topics to be discussed are:

• structural systems treated in existing codes,

• cost, availability and effective utilization of skilled construction
workers,

• current and future building systems,

• recognition in a new code.

Structural systems treated in existing codes -- In the past :t:ew years there
has been great concentration by code-writing committees on the creation of duc
tile steel frames and on ductile, reinforced-concrete frames and shear walls.
These provisions are essential to assure safe performance at reasonable design
load levels. However, a basic fact must be recognized: construction costs are
rising to such an extent that building developers are turning to other, cheaper
methods of construction. There appears to be a definite decrease in poured-in
place concrete frame structures. Also, when frames are used, modern demands are
for long spans and clear floor areas -- such that prestressed elements are
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necessary for both economic and story height clearance reasons. The question
is, "Have we created a dinosaur (ductile frames) which may become extinct?"
If it is reqlly required for structural safety, then strong pressure from en
gineering groups is required to overcome economic demands.

Cost, availability and utilization of skilled construction workers -- The
cost of labor for skilled workmen is increasing, and their availability is de
creasing. Hence, building developers are turning toward the use of pre-cast
procedures of construction or other forms that decrease the need of skilled
workmen in the field.

Current and future building systems --

• Slip-form, poured-in-place walls with precast structural frame and
floors. Beams are usually prestressed concrete.

• Multi-story masonry (hollow-block) walls with pre-cast floors.

• Prestressed, post-tensioned rigid frames, with precast floor systems,
or with post-tensioned slabs.

• Pre-cast shear wall panels post-tensioned to pre-cast floor systems.

• Tilt-up wall industrial structures.

Recognition in a new code -- While structural engineers might prefer the
regular, symmetrical, ductile frame and shear wall structures, the pressures
of economics and the requirements of functionality by building owners often
dictate that other structures be built. An effective new code must recognize
this situation and provide for rules of analysis and design for structures which
are not particularly ideal for effective seismic resistance and therefore need
careful design and supervision. Existing codes, such as the 1973 and 1976 UBC,
have been restrictive in the high seismic zones of California (such as San Fran
cisco and Los Angeles) with respect to allowable lateral force systems (such as
the requirement for ductile, reinforced-concrete provisions for seismic frames).
It is possible that the relatively less severe seismicity of Costa Rica would
permit a wider scope of allowable systems (such as semi-ductile concrete frames
With or without prestressing) so long as the systems are properly classified
in the code with respect to appropriate design load levels, allowable configu
rations, and detailing requirements for members and connections.



II. INTRODUCTION TO THE PROPOSED SEISMIC DESIGN PROCEDURE

11.1

In this section a general overview of the seismic design methodology
developed through this research is presented. A short description of all major
parameters and steps is given to provide the reader with a quick comprehension.
This section can be viewed as a summary of the work that follows in detail in
succeeding sections.

This portion of the report is dedicated to the goal of correcting an in
herent flaw in the attitude of the typical structural engineer. Specifically,
an engineer will devote many years of his life to mastering the art of struc
tural analysis, both during his school years and in his rare leisure hours.
He will dutifully learn the classic methods of indeterminate structures and
then gleefully branch out to the fascinating fields of matrix methods and com
puter analyses. However, a very strange fact is that this same dedicated in
dividual will accept -- without the slightest question or doubt -- a very
simplified version, such as V = ZKCW, for a very complicated and interesting
phenomenon known as earthquake loading. It is perhaps due to the engineering
education, but somehow engineers are always prone to over-analyze a structure
for loads which are at best "crude" and often rather "inappropriate" for the
structural environment. Therefore, this report will attempt to establish the
principle that a reasonable fraction of the engineering intellect should be
devoted to load analysis, along with the inevitable preoccupation with struc
tural analysis. The reader, therefore, should prepare himself for an onslaught
of statistical response spectrum analysis, probabilistic description of uncer
tainty, damping and damage excursions, and some questions of structure configu
ration, material behavior, and construction quality. It is hoped that he or
she will be a better engineer, and that buildings will be more reliable because
of this effort.

In order to design economical buildings which will perform adequately dur
ing strong earthquake ground motions, it is necessary for structural engineers
to have a practical understanding of:

• the probability of occurrance of important levels of earthquakes,

• the acceptable risk associated with these events for different use
classes of structures,

• the representation of earthquakes in terms of response spectra at the
structure site,

• the earthquake demands on the strength, stiffness, ductivility, and
energy dissipation capacity of various structural systems,

• the design of the structural elements and lateral force-resisting sys
tem such that the important levels of earthquakes may be resisted with
acceptable reliabilities of performance.

In the paragraphs which follow, a seismic design procedure is formulated
which hopefully will provide the engineer with this needed understanding. In
order to assist the reader in the organization of the presented material, the
following general description of the design method is given.
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11.2 Design Objectives

For a given lifeti~e of a structure, an adequate design should provide
acceptable reliabilities of protection against:

• excessive damage due to a moderate or damage-threshold earthquake,

• condemnation due to a major or condemnation threshold earthquake,

• collapse due to a catastrophic earthquake.

The value of the acceptable reliabilities of protection against each level of
earthquake depends on the use class or importance of the structure. The con
cept of cost of protection versus seismic risk should be considered in this
evaluation.

Moderate, major, and catastrophic earthquakes are described in terms of
the seismicity at the structure site. This seismicity is expressed in terms
of probabilities of peak ground accelerations for a given time period, and also
in terms of the corresponding response spectrum values.

Damage control and condemnation protection are accomplished through
strength requirements and deformation limitations of the structure response
to moderate and major earthquake response spectra. This requires a classifi
cation of structural systems according to their respective deformation capacity
at the damage threshold and ductility at the condemnation threshold.

Collapse protection against a catastrophic event is maintained by specific
restrictions on the types of allowable lateral force resisting systems. These
systems must all have the characteristics of maintaining vertical load-carrying
capability under severe lateral deformations.

11.3 Methodology

To achieve the above design objectives, the following methodology is for
mulated:

(1) Forecasting of future seismic events. Develop occurrence rate of peak
ground acceleration at site and site response spectra.

(2) Select peak ground acceleration and response spectra shapes for moder
ate (damage threshold) and major (condemnation threshold) earthquakes
according to local site conditions, structure use class, and accept
able risk level.

(3) Develop structure design spectra for different types of structural
systems according to deformation characteristics and reliability of
the system.

(4) Develop procedures for computing the response of structures to the
above design spectra (modal superposition or base shear method).

(5) Develop criteria for the design of structural systems and members
(strength, ductility, drift, P-Delta effect).

All steps of the methodology and a detailed design procedure are discussed in
detail in Shah et al. (1976) and Mortgat et al. (1977). Presented below are
brief summaries of the most important elements of the procedure.



11.4 Site Response Spectra

For a given region with known (overall) geological characteristics, a
sample set of past major earthquake accelerographs and their corresponding
response spectra can be assembled. This data set may be from the region for
which seismic design criteria are to be developed or from geologically similar
regions. Each response spectrum is then scaled so as to have a unit value of
peak ground acceleration (PGA), and is hence termed as a dynamic amplification
factor (DAF). The resulting sample set of DAF's is then averaged to form the
mean DAF (MDAF) which provides the representative spectral shape for the given
region. This shape may be adjusted for known hard or soft soil column effects
at the site. Given any forecasted PGA value for a future earthquake, the ac
celeration response spectrum may be obtained by multiplying the MDAF by the
PGA value.

The spectrum as obtained from the basic data of instrument time history
readings is then converted to an "effective" structure response spectrum by
means of a reduction factor R, which is discussed in detail in Shah et al.
(1976).

11.5 Peak Ground Acceleration

The PGA values at specific sites in any region which have a probability P
of being exceeded during a given economic lifetime of a structure are presented
in the Acceleration Zone Graphs or the Iso-acceleration Maps developed proba
bilistically and discussed in cited references. The PGA values for the damage
threshold and condemnation threshold earthquakes are termed ~ and AC' re
spectively.

A seismic event, X, having a probability of exceedence, PX' is ade
quately described for design purposes by the PGA value from the Acceleration
Zone Graph, ~, and the regional spectral shape, MDAF.

11.6 Structure Use Class and Risk Levels

Planners are able to categorize the various structure uses into classes,
depending on their importance and need before, during, and after a strong earth
quake. Since it is neither practical nor economically feasible to provide a
damage-resistant structure for all conceivable levels of earthquake ground mo
tions, each use class will have to have assigned its own particular probability
or risk of repairable damage, PD' and corresponding risk of total condemna
tion, PC' during its economic life. This risks should of course be very low
for essential facilities such as hospitals, and may be relatively high for a
purely functional structure such as a warehouse. The risk of total collapse
can be virtually eliminated by code restrictions on be type and quality of the
lateral force-resisting system in a building.

The importance of the assigned acceptable risk values of PD and Pc for
each structure use class is that they, along with the site locat~on, determine
the corresponding values of ~ and AC from the Acceleration Zone Graphs or
the Iso-acceleration Maps.
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The design objectives are then to assure a reliable level of damage con
trol for earthquake levels up to a PGA of D, and condemnation prevention
against the effects of an earthquake with a FGA of A

C
• The ~ and A

C
val

ues are used to scale the mean response spectrum shape (MDAF) for design pur
poses.

11.7 TyPes of Structural Systems

The lateral force-resisting system may consist of rigid frames, bracing,
and shear walls -- either in combination or in pure frame or wall systems (such
as the K-Factor Systems of the UBC). Any permissible system must have the qual
ity of collapse prevention; the vertical load-carrying system must remain intact
under those catastrophic ground motions which may reasonably exceed the accep
table condemnation level.

Each structural system has its own characteristics of response to the the
damage and condemnation threshold earthquake loadings. The measures used to
avaluate these thresholds are: extent of repairable damage, ductility and energy
dissipation characteristics, redundancy of the system, quality control and de
gree of construction supervision, and reliability of performance in past earth
quakes. Also, each particular system has its own value of total damping as it
relates to the site response spectrum.

11.8 Structure Design Spectra

Given the structure site and use class, the risks P and P are known
and the values ~ and AC are found. Having selected Phe struc€ura1 system
type with its damping value, its reputation or reliability measure, and its
ability to deform beyond its strength design level to a damage state and then
further to a condemnation state, three design spectra are formed:

(1) Design Force Spectrum (DFS). This is an appropriately modified form
of the spectrum for the acceptable damage threshold e~rthquake with
PGA level ~. The force response from this spectrum is used as the
seismic design loading for the ultimate strength design of the struc
tural members.

(2) Damage Deformation Spectrum (DDS). This provides the structure defor
mation demand of the earthquake with PGA level ~, i.e., for the
damage threshold event. The resulting deformations are used for com
putation of P-De1ta effects, and for non-structural damage analyses
(drift limitations).

(3) Condemnation Deformation Spectrum (CDS). This is the spectrum of the
acceptable condemnation threshold earthquake with PGA level AC. The
resulting structure deformation response is used to estimate local
member ductility demands and hence provides an approximate test whether
or not these demands are within allowable limits. P-Delta effects and
structural stability may be analyzed with these deformations.

Clearly, the most important of these three is the Design Force Spectrum
(DFS), since its resulting design load levels must create a complete structural
system such that the structural deformation response of the earthquake with PGA



level ~ and risk P
D

will remain reliably below the structure damage
threshol~. Also, in a structure designed for the DFS forces, the deformations
of the earthquake with PGA level A

C
and risk Pc will remain in most prac

tical cases reliably below the structure-condemnation threshold. This spectrum
must also meet the practical restrictions of economically feasible design, and
in so doing it must not differ radically from the seismic load recommendations
of modern codes. For overturning moment, a special spectrum termed Design Over
turning Moment Spectrum (DMS) is developed for systems with ductile shielding
of the vertical load-carrying members.

11.9 Computation of Response

The basic method chosen for the computation of the structural response is
the modal superposition method. The .use of this principle of superposition
makes it necessary to employ a linear elastic model of the structure. However,
this facilitates the computational effort in design offices, since computer
programs for linear elastic response of two- and three-dimensional structural
configurations are readily available.

Natural frequencies and mode shapes can be computed based on the mass dis
tribution and deformation characteristics of the lateral force-resisting system,
but should also include the effects of stiff elements that are not part of the
lateral force-resisting system. Then, for a given spectrum (anyone of the
three design spectra), the structure response (force or deformation) is compu
ted as the square root of the sum of the squares of the individual modal re
sponses to the given spectrum (SRSS response).

For the case where the computed deformations are beyond the linear elastic
range of the structure, it is assumed that the deformation response in the ac
tual non-elastic structure is given by the SRSS deformation response of the
lienar elastic model. It is recognized that this linear procedure can result
in a certain amount of approximation error. However, this will be compensated
for by an appropriate spectral confidence level and a requirement for special
analysis for irregular structures.

For structures which meet certain requirements for regularity and symmetry,
a simplified "base shear" method can be formulated. Empirical relations for
structure periods, a base shear coefficient, and lateral force distribution will
be given to provide a safe upper bound of design in lieu of the more lengthy
modal analysis and response spectrum method. This is a most essential step in
order to assure Widespread application. However, even this simplified method
will contain a descriptive commentary so that the designer is aware of the es
sential elements: earthquake levels and their associated risks; dynamic response
of structures to these earthquakes; and design provisions for adequate behavior
at the damage and condemnation thresholds.

11.10 Design Criteria

The seismic loads resulting from the Design Force Spectrum (DFS) response,
together with ambient dead and live loads, determine the required ultimate
strength capacity for member design. The ultimate strength design method based
on elastic behavior of the structure is recommended for all types of structures,
including steel structures. Load factors are suggested whe~e deemed necessary.
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Drift limitations are specified for the deformation response due to the
Damage Deformation Spectrum (DDS), while secondary effects and structural
stability are to be investigated at the Damage and Condemnation Deformation
levels.

The ductility demand resulting from the Condemnation Deformation Spectrum
response may affect the choice of the structural system and the detailing re
quirements for various elements such as boundary elements in shear walls and
spandrel beams. In some cases, the CDS analysis may render it advisable to
increase the strength of certain elements to keep the ductility demands below
acceptable values.

11.11 The Role of Dynamic Analysis in Seismic Design

Dynamic analys.is, either in response spectrum or time history form, has
been prescribed by various recent seismic design recommendations and codes.
This analysis may be an allowable alternative (or even a necessary requirement
for special structures), as in the Uniform Building Code (1973, 1976). How
ever, nowhere in these seismic provisions is there given a definite and com
plete procedure of design based on a dynamic analysis. It is therefore the
objective of this project to provide this very much needed complete procedure
based on the response spectrum method. In addition toa more accurate deter
mination of structure periods and lateral load distribution, the method allows
the designer to have a direct physical and practical understanding of each step
in the design procedure as it relates to seismicity and the related structural
behavior. It is felt that this understanding is more important in a design pro
cedure than the use of high design-load values, in order to create structures
which can perform adequately during strong ground motion.

11.12 Design Methodology

The design method is to be developed in terms of the following basic
topics:

(1) Design objectives of damage control and condemnation prevention

(2) Seismicity in the form of is-acceleration maps and return periods

(3) Use classes of structures

(4) Types and behavior of structural systems

(5) Effective response spectra

(6) Design spectra

(7) Calculation of response

(8) Load combinations

(9) Member design

(10) Deformation analysis

A flow-chart representation of the design procedure is given in Figure 6.
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11.13 A Comparison of the 1976 SEAOC Recommendations and the Proposed Design
Method

In order to best appreciate the proposed methodology, the following sum
mary comparison is presented between the 1974 SEAOC recommendations (essentially
equivalent to the 1976 Uniform Building Code) and the approach developed in this
paper.

1974 SEAOC Recommendations -- The base shear for working stress design
according to these recommendations is given by

AICSKW

where

(1)

Z

I

C

S

K

W

Base shear to be distributed to each story according to a linear
"empirical" version dynamic analysis.

Seismic Zone Factor based on magnitudes of earthquakes in a region,
but not on their frequency or chance of occurrence.

Structure Importance Factor. This value is greater than unity for
essential facilities; however, it is not related to a definite ac
ceptable value of risk.

an empirical shape factor for an inelastic multi-mode acceleration
response spectrum. This is only a rough approximation of the sta
tistical average of spectral shapes for the given region.

Site Response Factor for the influence of the underlying soil column
and structure interaction on the spectral shape, as represented by
C. It is a number larger than unity when the site period is near the
structure period.

a reciprocal measure of the ductility of a given lateral force
resisting system. This value adjusts the inelastic response spec
trum shape C so as to represent a reduction of lateral loads for
ductile system and an increase for non-ductile system.

weight of the structure taken as dead load only -- with no ambient
live load.

Within the actual design procedure, the following observations can be made.

• Ultimate Strength Design for Reinforced Concrete Frame Members is for
factored dead load D plus live load L plus seismic effects E:
1.4(D + L + E), where E is the member load effect due to VB.
It is this particular method of load factoring that represents one of
the principal differences between existing code (UBC) procedures and
the proposed method. Traditionally, as explained in the history of
codes, section 1-2, code values for seismic load have tended to be
lower (about 1/3 to 1/2) of the actual force requirements of a moderate
or damage threshold earthquake. However, safety due to this actual
motion is achieved indirectly by the particular method of load factor
ing, such as 1.4(D + L + H), and by extra factors for shear wall
shear stresses and for cross-bracing members. A numerical study of
how the extra seismic-resisting capacity is achieved in spite of the



low code E value by this indirect factoring is given in Shah et al.
(1976). While adequate safety might be achieved by this code
factoring method. it is not very rational to design for a fairly
heavily factored dead and full live load along with a rather low.
non-realistic seismic load E. We should be much more concerned with
adequate evaluation and factoring of the seismic E load rather than
with the vertical dead and live loads. which are relatively well
known. Therefore. the proposed method prefers to use a reasonably
conservative estimate of ambient vertical load (D = 0.4L) at the
time of the quake plus the best available evaluation of seismic force
requirements of the damage threshold ground motion (the DFS spectrum).

o There is no specific requirement for a verification of stability and
condemnation protection at the major earthquake level (except for a
special requirement for vertical load-carrying members at about four
times working stress design deformation).

o There is no consideration of modal participation and effect of mode
shapes on lateral load distribution (except for the top story force
increment.

Proposed Design Procedure -- Base shear and lateral design load are given
by the SRSS modal response to the Design Force Spectrum.
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where

DFS (2)

R

MDAF

a peak acceleration reduction factor to represent the effective
acceleration on the structure. It represents the spatial aver
age of peak accelerations on the effective soil-structure system
(see Figure 7).

peak ground acceleration at structure site -- having acceptable
risk of being exceeded. If ~ is exceeded. then extensive
structure damage may occur.

mean or statistical average of acceleration response spectrum
shapes for the region. The shape can include any soil-column
response effects. and together with R can represent soil
structure interaction effects (see Figure 8).

damage defornation factor for a given lateral force-resisting
system. It represents the ratio between the maximum acceptable
deformation at the damage earthquake level and the design defor
mation in the highest stressed member. The dT value depends
on the K-factor type of the system (see Figure 9).

spectral confidence interval factor. where Vs is the coefficient
of variation of the spectral shape and kT sets the confidence
level. The factor kT allows for the degree of reliability. in
herent in a system. of attaining the given dT distortion value
without excessive damage. If a system is very reliable. then kT
may be zero (see Figure 10).
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The kT
or C of a
relation of
ity.

value depends on the quality or grading of A, B,
given structural system. See Figure 10 for the
confidence levels and the system grade of reliabil-

Member seismic design forces are found by the SRSS value of the individual
mode response to the DFS. In the formulation of the dynamic model, the full
dead load and some reasonable fraction of the live load (0.4L) is considered.

Within this proposed approach, the following comments are pertinent.

• Strength design for members is the force response of the DFS plus dead
load and a reasonable fraction of ambient live load (0.4L).

• Non-structural damage control is verified at the SRSS modal deforma
tion response to the Damage Deformation Spectrum.

DDS (3)

See Figure 11 for the relation of the linear model method of calculat
ing SRSS response - to actual unknown random response to a given earth
quake.

This is a most important phase of the design procedure, since it
requires the designer to consider the flexibility of the structure with
respect to damage to the architectural, utility, and service facili
ties. These items represent a considerable portion of the structure
value, and may be necessary for life safety.

• Local member ductility demand and structure stability verified at the
SRSS modal deformation response to the Condemnation Deformation Spec
trum,

CDS (4)

where AC is the PGA value corresponding to the condemnation level
seismic event (see Figure 11). Local member deformations are compared
against their yield level deformations to assess whether ductility
demands are within allowable limits.

11.14 Basic Philosophy of the Proposed Seismic Design Procedure

In the design spectra, such as

DFS R • A(MDAF) 1 (1 + kTVs)
T

it should be noted that a very simplistic and approximate
given for some very complex phenomena. For example,

(2)
(repeated)

representation is

• R represents all soil-structure interaction effects.

• dT and the ST of the MDAF account for both damping and the nonlinear
system effect of the "tuning out" of harmonic response.
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• The MDAF has two simple shapes, to allow for the soil column response
effects.

Obviously a more complex representation of these and other structure re
sponse phenomena could have been proposed in order to better predict the ef
fects of a future seismic event; the net result would be higher or lower design
load levels, based on the specific structure and site conditions.

However, for this proposed design method, the following general philos
ophy has been adopted: given realistic seismic design load levels at the ulti
mate strength level, the accuracy in prediction of future seismic loads is not
particularly necessary for the attainment of the design objectives of damage
and condemnation prevention. The insensitivity to the cost of providing lateral
load resistance within a certain range is illustrated in Figure 12. The prin
cipal element of the design philosophy is to provide procedures which will
create a good seismic-resistant system having:

• at the damage threshold earthquake response,
adequate strength and stiffness for damage control,

• at the condemnation threshold earthquake,
- no excess of inelastic deformations beyond the failure capacity

of members and
- no large imbalance of inelastic deformation in any story level

of the elevation, or in any wall or frame line of the structure
plan.

The proposed design procedure is based on this "good system" (rather than
"precise load") philosophy and can attain the objectives by following the basic
criteria of a response spectrum method.
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III. A NUMERICAL EXAMPLE FOR MANAGUA, NICARAGUA, AND SAN JOSE, COSTA RICA

III.l

Tables 1 and 2 give the suggested damage and condemnation risk levels
for Managua and the corresponding values of AD and AC' Similarly, Tables
3 and 4 give the values for San Jose, Costa Rica.

Table 1. Managua Region

Suggested Damage "Risk" Levels

-

Economic life RPD ~unitsClass Yrs. Yrs. PD
"Risk"/yr.

1 100 500 0.20 .002 .45

2 50 100 .40 .01 .35

3 20 50 .40 .02 .30

Table 2. Managua Region

Suggested Condemnation "Risk" Levels

Economic life AC.
Class Yrs. RPc Pc "Risk" /yr. g unl.ts

1 100 1000 .1 .001 .47

2 50 500 .1 .002 .45

3 20 100 .2 .01 .35
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Table 3. San Jose, Costa Rica Region

Suggested Damage "Risk" Levels

0.18

0.15

.01

02

! 100

50

50

20

2

3

I
I RP DiEconomic life AD

I
I P

DClass Yrs. i Yrs. "Risk"/yr. g units

I
I

1 100 !500 .20 .002 0.31
I

Table 4. San Jose, Costa Rica Region

Suggested Condemnation "Risk" Levels

i
Economic life I i I

I
I Ac .RP

C
,

Pc !"RiSk"/Yr.Class Yrs. I i g unlts
!

i
1 100 1000 .1 .001 0.35

2 50 500 .1 .002

I
0.31

3 20 100 .2 .01 0.18

For both the Managua and San Jose regions, Table 5 gives the values of
dT, dOT and (l+kTVS) as functions of the structural types. Table 6 gives
the value of H (see Figure 13) for class 2 structures, Managua region.
Similarly, Table 7 gives the value of H for class 2 structures in San Jose,
Costa Rica, region. It should be mentioned that using the methodology presen
ted in this report and for the seismicity of Managua, the seismic design level
comes out to be somewhat similar to the 1976 UBC. Similarly, for the San Jose
region and its seismicity, the recommended seismic design levels are somewhat
similar to the 1973 UBC.

In Tables 6 and 7, Ile and Il COT are defined as follows:

CDS
A

C
(5)IlC DFS - 'd

~ . T

CDS AC (6)Il COT DMS ~ dOT

It should also be pointed out that the load combination and load factoring
are done in the proposed method in the following way.
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Table 5

Factors for Design Spectra

Plateau
Type tl T

Value dT dOT (1 + I<,.V
S

)
of MDAF

0.67A 10% 2.0 3.0 3.0 1.0

0.67B 10% 2.0 3.0 3.0 1.2

0.67C 10% 2.0 3.0 3.0 1.4

0.80A 10% 2.0 2.5 3.0 1.2

0.80B 10% 2.0 2.5 3.0 1.4

0.80C 10% 2.0 2.5 3.0 1.6

1.00A 10% 2.0 2.0 3.0 1.2

1.00B 10% 2.0 2.0 3.0 1.4

1.00C 10% 2.0 2.0 2.0 1.6

1. 33A 10% 2.0 1.5 3.0 1.2

1. 33B 10% 2.0 1.5 3.0 1.4

1. 33C 10% 2.0 1.5 1.5 1.6

Values suggested here are preliminary.

In Tables 6 and 7, V
e

and VeOT are defined as follows:

5

6

It should also be pointed out that the load combination and load

factoring is done in the proposed method in the following way.



Table 6

Factors for Design Spectra

Managua - Class 2 Structures

- -
Type H HOT IlC Il COT

O.67A 0.163 0.163 3.86 3.86

0.67B 0.196 0.196 3.86 3.86

0.67C 0.229 0.229 3.86 3.86

0.80A 0.236 0.165 3.22 3.86

0.80B 0.275 0.197 3.22 3.86

0.80C 0.317 0.229 3.22 3.86

1.00A 0.294 0.197 2.57 3.86

1.00B 0.343 0.229 2.57 3.86

1.00C 0.392 0.262 2.57 2.57

1.33A 0.391 0.195 1. 93 3.86

1. 33B 0.456 0.229 1. 93 3.86

1.33C 0.520 0.520 1.93 1. 93

HOT (0. 7) A- .(MDAF) (1 + k V )
-1) dOT -T S
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Table 7

Factors for Design Spectra

San Jose - Class 2 Structures

Type H HOT )lC )lCOT

0.67A 0.084 0.084 5.16 5.16

0.67B 0.101 0.101 5.16 5.16

0.67C 0.118 0.118 5.16 5.16

0.80A 0.121 0.085 4.30 5.16

0.80B 0.141 0.101 4.30 5.16

0.80C 0.163 0.118 4.30 5.16

1. OOA 0.151 0.101 3.44 5.16

1. OOB 0.176 0.118 3.44 5.16

1. DOC 0.202 0.135 3.44 3.44

1. 33A 0.202 0.100 2.58 5.16

1. 33B 0.235 0.118 2.58 2.58

1. 33C 0.267 0.267 2.58 2.58

H (0. 7)Ao(~AF)(1 + kTV
S

)
T

HOT = (0.7)A (MDAF) (1 + ~V )
D dOT S

Spectrum = H for T < 0.5 sec For Hard to Medium
= .5H/T

for T > 0.5 sec soil conditions

= H for T < 0.8 sec For soft sites

O. 8H for T > 0.8 sec
T
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nTSF

T

0.8

Average Sites. (Hard to Medium
Sites)

.5H
T

I'"~, <[SOft, Sites

I " 0.8HI .... -T-

I ""........
................. .........

R~
-d- (1 + kTVS) MDAF

T

H

I
I
I
I
I
I
I
I

H'
I
I
I
I
I
I

0 .1 .5

H'

H

For design overturning moment, replace H with HOT and

dT with dOT'

For very soft sites, special site study needed.

Figure 13
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111.2 Seismic Weights, Load Combinations, and Load Factors

One basic principle that has guided the formulation of the proposed design
procedure is that each step and parameter be rational. Specifically, there
must be a simple, rational explanation and reason for each representation of
seismic input and the corresponding structural behavior. The subject of load
combinations and load factors provides a good example of this direct represen
tation approach. Current code provisions will be stated for comparison.

• Seismic Structure Weight or Mass. At the time of the earthquake events
corresponding to the PGA values of AD or Ae , a realistic yet rea
sonably conservative value must be assigned for the total structure
weight or mass, for the evaluation of inertia forces. Some amount of
live load is to be expected, and the jUdgment value of 40 percent is
suggested.

Therefore, for dynamic analyses and for simplified base shear methods
the weight or mass is dead load plus 40 percent live load (D + 0.4L).
Present codes employ dead load only, except for warehouse structures.

• Load Combinations and Load Factors. Since the selected value of 40
percent live load is quite conservative for most structures in the
sense that it is highly improbable that vertical live loads would ex
ceed this value at the time of the earthquake, the load combination for
the ultimate strength design ~ of members is dead load (D), 40
percent live load (.4L), and seismic forces E, due to the SRSS
response to the Design Force Spectrum (DFS).

In Equation (7),

R
u

D + 0.4L + E (7)

R
u

D

L

E

the required ultimate strength capacity for this specific case
of loading. (Other cases may be for vertical load only, such
as (1.4D + 1.7L).)

the member force (such as moment or shear) due to dead load.

the member force (such as moment or shear) due to the code
specified value of live load.

the SRSS of the individual mode member force (such as moment
or shear) due to the DFS.

While it appears at first glance that there are no load factors used in
this ultimate strength load combination, these do exist. The purpose of load
factors is to account for the chance of high possible loads and for differences
between analysis and actual structure response. In the load combination of
Equation (7), the 0.4L is a reliable upper bound for vertical load uncertain
ties, and the value of E contains its DFS. It should be noted that each fac
tor is applied directly to the source of load uncertainty. This can best be
appreciated by a comparison with current code load combinations, such as

1.4(D + L + Ecode) (8)



where Ecode .is.d~e to V = KCS. In this combination of Equation (8), the
safety or rel~ab~l~ty of the number design for seismic resistance can vary
according to the proportion of vertical to seismic load. For large D + L,
the section may be overdesigned, and for small D + L the section may be
underdesigned, since 1.4Ecode is only about one-half of reasonable damage
level earthquake loads as represented by the DFS.

In order to account for the effects of vertical ground acceleration on
the lateral force requirements, the following combination is used:
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R
u

0.8(D + E) (9)

Here, the most critical load condition, for overturning moment tension effects,
occurs when there is only a small amount of live load. The 0.8D represents
both the reduced dead and live load (due to vertical acceleration). The 0.8E
reduces E corresponding to the small live load contained in the structure
seismic mass, and also represents the smaller horizontal acceleration at the
time of maximum vertical acceleration.

Preliminary computations have indicated that, in moment-resisting frames
(and perhaps braced frames), the load combination of Equation (7) may in some
cases lead to axial column loads wh~ch are s~gnificantly smaller than those of
the 1973 UBC. This problem needs to be pointed out and requires further study.
To account for possible effects of vertical accelerations, it may be advisable
to apply a load factor to D + 0.4L for such vertical elements.

111.3 Design Procedure Rules

In this section a step-by-step procedure for the complete design sequence
is given.

1. Given a use class of the structure and its location, the values of AD
and AC can be determined from an iso-acceleration map or the acceler
ation zone graph. The appropriate design spectra can be constructed
with the above information together with the parameters MDAF, VS' dT,
dOT' and kT of a given structural type and soil condition.

2. Formulate the linear elastic structure model and determine mode shapes
and periods. Then, using the DFS developed in (1) above, obtain the
SRSS force response E in the structural members.

3. Design members for load combinations on an ultimate strength basis for
the following conditions:

a) Load-factored vertical dead and live load: 1.7(D + L).

b) DFS or DMS force plus vertical dead and live load: (D + .4L) + E.

c) 0.8(D + E) for vertical acceleration effects.

In (b) and (c) above, the seismic load E is based on a (D + 0.4L)
seismic weight of the structure.
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4. Interstory drifts using the DDS are calculated as the SRSS of the
individual modal drifts. These drifts shall not exceed 1% of the
story height. This drift limitation is for damage control.

5. The member design procedure has produced known values for the indi
vidual member resistance values, Ru ' where

Ru > (D+0.4L) + E; Ru > 0.8(D+E); Ru > 1.7(D+L) (10)

and commonly exceeds these load combinations because of the available
section or sizing requirements, as shown on the -engineering planrs
for construction.

For further details, see Shah et al. (1976).

REFERENCES

ATC-3 (January 7, 1977) "Recommended Comprehensive Seismic Design
Provisions for Buildings". Applied Technology Council, Palo
Alto, California.

Donovan, N., (December 1974) "Earthquake Hazard for Buildings", Dames
&Moore Engineering Bulletin 46, Dames & Moore, Los Angeles.

Mortgat, C. P., (1976) "A Bayesian Approach to Seismic Hazard Mapping;
Development of Stable Design Parameters" Ph.D. Dissertation,
Stanford University, California.

Mortgat, C. P. et aI., (1977) "A Study of Seismic Risk for Costa
Rica", Technical Report No. 25, The John A. Blume Earthquake
Engineering Center, Dept. of Civil Engineering, Stanford University.

Shah, H. C., Mortgat, C. P., Kiremidjian, A. and Zsutty, T. C., (January
1975) "A Study of Seismic Risk for Nicaragua", Part I and II,
The J. A. Blume Earthquake Engineering Center, Report No. 11 and
12, Dept. of Civil Engr., Stanford University.

Uniform Building Code, 1970 Edition, Vol. 1, International Conference
of Building Officials, Pasadena, California.

Uniform Building Code, 1973 Edition, International Conference of
Building Officials, 5360 South Workman Mill Road, Whittier, CA 90607.

Uniform Building Code, 1976 Edition, International Conference of Build
ing Officials, 5360 South Workman Mill Road, Whittier, CA 90607.



WORKSHOP ON EARTHQUAKE-RESISTANT REINFORCED
CONCRETE BUILDING CONSTRUCTION (ERCBC)

University of California, Berkeley, July 11-15, 1977

AN OVERVIEW OF USER NEEDS FOR IMPROVING EARTHQUAKE-RESISTANT
REINFORCED CONCRETE BUILDING CONSTRUCTION

by

Bruce C. Olsen
Consulting Engineer
Seattle, Washington

INTRODUCTION

This paper is intended to introduce the subject of user needs, and to
direct attention toward improvements in earthquake-resistant reinforced con
crete building construction as they may be developed to serve users in less
seismic areas of the eastern United States.

Every mountain climber harbors dreams of Mt. Everest or K2, and every
structural pngineer in the building field has visions of designs to rival the
Sears Tower in Chicago or the World Trade Center in New York. Similarly,
every professional in the field of seismic engineering harbors thoughts of a
Richter magnitude 8.5 earthquake having an epicenter under the heart of his
favorite city. Professionals who travel far and wide at the quiver of a fault,
invariably return with tales of disaster resulting from overlooked conditions
of structure response. With this type of concern over catastrophe and des
truction, little attention has been devoted to the more mundane aspects of
user needs, either in terms of design procedures or in terms of the funda
mental philosophy, as they might be effectively met for users of the product
in localities where catastrophe is less imminent. The result of this has been
an overkill. Users in the less seismic areas sense no real need for such
grave concern. They do recognize the possibility of having a complex techni
cal problem introduced into their area of responsibility together with a
resultant increased design and product cost, the benefit of which is not
apparent.

U.S. Geological Survey open file report 76-416 1, contains the latest
Algermissen and Perkins map of horizontal acceleration in rock (Fig. 1), which
shows the regional differentials across the United States, indicatinq generally
that, except for an area in the vicinity of Memphis, no impressive seismic con
ditions exist in the eastern two-thirds of the country. Proceeding from this
information, users as a group in the eastern part of the United States have
little reason to feel concern with regard to seismic protection.

At the fall 1976 meeting of ASCE in Philadelphia, Dr. T. T. Fujita 2
presented a map (Fig. 2) showing the occurrence and path of tornadoes in the
United States over the past 44 years. It is obvious that communities in the
western United States have essentially no interest in this subject, and no
incentive to take special precautions to mitigate hazards in building con
struction which might be attributed to tornadoes. Certainly the Uniform
Building Code does not address the issue.

An unwritten but frequently expressed basis for use of the SEAOC "Recom
mended Lateral Force Requirements and Commentary" 3, commonly known as the
Blue Book, is that the seismic design recommendations are intended to apply to
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ordinary buildings, but they are not intended to apply to the extraordinary,
such as very taIlor irregular structures. Very tall is not defined by story
or aspect ratio, but appears to indicate that the designer should consider
extra precautions in design above about 5 to 1 aspect ratio or 125 to 150 feet
(38 to 46 m) height limits. The document does well in protecting buildings
within this envelope. At the same time, the designer of the small structure,
warehouse, office building of one to three or four stories, which have ir
regular configurations may find himself with limited guidance, at the mercy of
local authorities in interpretation, or even pursuing an unsafe course.

USERS AND THEIR NEEDS

To make the title significant, users must be identified, together with
the relationship of their needs. Engineers ordinarily consider themselves the
primary users, faced with the responsibility of designing around the capabil
ities of the material. The actual list of users who are affected by the
material and who are instrumental in its selection for use or in the control
of its use is much broader. Architects frequently playa strong part in
selection of the material because of its flexibility in forming and potential
for architectural treatment; they also establish member shapes, configuration
and location in the interest of aesthetics. The building contractor is faced
with physical installation of reinforcement and concrete to achieve both the
functional ends required by the engineer and the design features desired by
the architect; he also has the economic aim of maximizing profit through
simplifying construction procedures. Special inspection agencies, particularly
the inspectors themselves, must understand the necessary controls and the
tolerances allowed to assure that the contractor performs to the degree re
quired by the needs of the engineer and the desires of the architect. Building
departments require simple and straightforward regulations covering design
limits and materials, that can be administered without ambiguity and, at the
same time, without unnecessary constriants on the builder or the designer.
Fire protection groups place restraints on material characteristics by estab
lishing protective cover for reinforcement, limitations on aggregate properties
and constraints on material thickness or minimum sizes to satisfy fire pro
tective needs. Model code bodies require supportive technical information to
assist in development of regulatory provisions in their documents, as do many
federal agencies who prepare independent design guides relating to construction
within their jurisdiction. The supplier of the materials, while not in the
same sense a user, has equal need for knowledge with regard to the capabilities
and limitations of his materials or components and the methods by which they
can be used most effectively. Beyond this, we have the individual or corpor
ate owner of the completed product with a need for a construction system
resulting in an economically attractive investment which might be able to
experience moderate earthquakes with reasonable repair potential. Finally,
the using community needs a finished product which will continue to serve and
add to the community value, while functioning in a manner that does not en
danger the citizens of the community.

The owner in many cases is an unknown or variable quantity, and it is
impracticle to aim an information program at him. The community is a political
body, primarily having a real need for guidance in the adoption of a well pre
pared code which will provide the necessary freedoms and protection desired.
Fire protection groups establish a part of the parameters within which design
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is performed, and these may be independent of seismic considerations. All of
the remaining users need to know or appreciate the general character of the
research which has been performed and the significance and application of the
results to practical problems. Insofar as possible, this communication should
flow in a lucid manner from the experimental and analytical field to the
interested user, with emphasis varied according to the manner in which the
information might serve the user.

THE ENGINEER USER AND REGIONAL CONSIDERATIONS

The Engineer And His Interest

The individual who goes directly from the baccalaureate level to the labor
force is still numerically dominant in the profession, and, in some areas, even
favored by the hiring office. These engineers with no experience in research
and sometimes limited mathematical capabilities, are doing the bulk of the
building design, are registered, and practice in a relatively unrestricted
manner.

The engineer is not unwilling to perform better work or to use new
methods, although he may require some real assistance in making a change. He
has a good grasp of problems of practice which may be completely unrelated to
research; he is eager, through necessity if for no other reason, to develop
effective and economical structures, and his enthusiasm for professional
achievement parallels that of the researcher. Being sensitive, he tends to
resent the implication that there is something superior about the accomplish
ments of the individuals in a different field, which sometimes is reflected
in a tendency to belittle academic efforts. At the same time, he is the chan
nel through which the results of research are not only put into practice, but
also introduced into the area of other user needs, as in model codes.

In highly seismic areas, agreement among engineers is extremely con
ditional with regard to design methods and regulatory provisions. When an
obvious lack of unanimity exists among those faced with a need to be most
knowledgeable, the engineers from less seismic localities can scarcely be
faulted for objecting to the imposition of severe restrictions.

The Regional Needs

All of this is regional and provincial. The interest of the practicing
engineer in any locality is drawn to the problems which he is faced with
solving, in accordance with the importance that these matters may be assigned
in that region or locality. Research and development on the basis of protec
tion against frequent recurrence of highly damaging earthquakes has not been
a matter of apparent concern to the public in the east and the middle west.
As a result, design methods developed in more seismic regions appear to place
an unnecessary burden on the designer in the less seismic regions against
conditions which are either extremely unlikely or completely unprecedented.

Regional interest or disinterest in relating structural practice to
seismic risk varies exponentially with the seismic potential of the area, and
with the time elapsed since the last seismic occurrence. It is also related
to public policy and the philosophy of application of the code, and to the
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existence of other more frequent hazards damanding the attention of the com
munity. Where seismic design has been undertaken in the United States, it has
frequently been based on the principles and philosophy propounded in the SEAOC
Seismology Committee Blue Book 3. This is developed on the principles that
a structure should be able to:

1. Resist minor earthquake without damage.

2. Resist moderate earthquake without structural damage, but with some
nonstructural damage.

3. Resist major earthquakes, of the intensity and severity of the
strongest experienced in California, without collapse, but with
some structural, as well as nonstructural, damage.

Designing within the risk maps which have been currently used, the last
stricture applies to the severity anticipated in the locality of the structure.
While the provisions and principles are sound, they have been propounded for
an area where earthquakes have been both frequent and damaging, and where both
the public and governmental bodies, as well as the construction community, has
been made aware through physical reminders of the potential. When we consider
the hazard potential in Los Angeles or the Bay area, and realize how slowly
steps proceed to reduce that hazard, which is so obvious and real, there is
little wonder that in middle and eastern America engineers show a lack of
enthusiasm.

The east does have limited areas with prior seismic experience and signifi
cant damage potential, such as Memphis, Charlestown, and Boston. It also has
geological characteristics which affect attenuation in a different manner from
that experienced on the west coast. Possibly the three-point philosophy has
some continuing merit in the locations where greater risk is implied or higher
accelerations anticipated, but should be reviewed in lower risk areas. In
such areas, static analysis procedures commonly in use for buildings of nominal
proportions result in the determination that wind pressures, also applied as
static loads, would exceed the loads developed through the seismic force route.
Wind loads, recognizing vortex shedding, buffeting from adjacent structures and
torsional effects, are nevertheless normally approached as a unidirectional
loading conditions, not subject to the rapid reversal of forces experienced
in seismic activity at whatever acceleration level. The designer must be con
vinced that a rapid reversal of forces through a series of cycles has a greater
damage potential to the structure than the less frequently repeated and
generally unidirectional effect peak wind loads. In heavily seismic regions,
the engineer is aware that he is designing for an effective acceleration rather
than the actual peak acceleration that might be obtained through instrumental
measurements, and that ductility and excursions into inelastic areas provide
him with the energy dissipation capability to do this. Acceleration maps
currently proposed for application to the entire United States are based on
the theory of comparable risk with the application of an acceleration less
than the instrumental peak. Thus the designer in the less seismic areas
selecting an effective acceleration from the map and developing the resultant
equivalent static forces of earthquake may find that wind loads appear to cause
greater stresses, without realizing that these effective accelerations may be
exceeded substantially, and require structural capabilities beyond those needed
to resist wind forces.



This does not mean that there is a great need for extensive effort in
the area of seismic design to satisfy the requirements of middle America. It
could even be that some alteration of Chapter 7 of ACI 318-71 4 would suf
fice to improve the resistance capability of all structures in such a manner
that the problem of seismic design in many areas might be greatly minimized
or even eliminated.

Uniform Building Code 5 requirements assign importance factors to
certain buildings, thus increasing the forcing function. The Applied Technol
ogy Council in a pending document assigns buildings to categories and makes
detailing more restrictive for buildings with higher resistivity demands, with
out changing the forcing function. The system of categories appears to be an
improvement over percentage increases in forcing function; since the input
ground motions will not change.

Category assignment might be reviewed, coupled with a review of the three
point SEAOC Blue Book philosophy, which may be valid in highly seismic areas
but is possibly not applicable across the entire country. Should areas of low
seismicity and low recurrence have a concern with anything except collapse
prevention? In these areas, are we concerned with drift and nonstructural
damage except as it impairs egress, or is elementary life protection the only
criteria? The Uniform Building Code admits to property concern without ex
pressing any limit. Through experience, structural designers in the west are
aware of property damage and invoke drift limits and other restrictions as
preventive measures. Code authorities in other areas feel no responsibility
for any protection beyond that of life safety.

How do these questions relate to research relative to structures sub
jected to accelerations of 10 percent to 15 percent g as peak acceleration
in 50 years as opposed to 40 percent to 50 percent g in more seismic areas?

In preventing collapse, how do we view recurrence? ATC and current maps
of peak acceleration and velocity are based on a 50-year life expectancy for
recurrence, although it is unlikely that many reinforced concrete buildings
constructed today that are five stories or more in height, will have outlived
their usefulness within that period. Much older buildings, in active com
mercial use that are evident and significant earthquake hazards, are presently
fully occupied and some even preserved as historical landmarks.

Should the philosophy of design be directed toward life expectancy of 100
or 150 years with design for noncollapse from seismic events of much longer
recurrence interval? How would this relate to design levels considered
acceptable in highly seismic areas?

In all areas, there is a tendency to use higher strength material, and,
in the middle west, this apparently has resulted in the use of cast in place
concrete having strengths in the 10,000 psi (702.9 Kg/cm2) range. Most experi
mental work done in the past has been on the basis of a structural concrete
practice using material having compressive strengths of 4,000 psi (281.18
Kg/cm2) and less, combined with grade 40 and grade 60 reinforcement. Utili
zation of higher strength material may in turn change the ductility and effect
the type and nature of failure. Because higher strength material may reduce
the member size required, one of the users, the architect, will aim at this
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advantage while the builder will be pleased at any opportunity to economize
on materials.

When the physical experience of an earthquake is close at hand, it is
very impressive. The results of such experience are inherent in the profes
sional registration procedure in California, stressing seismic design. In
this area, immediate experience is recent and its recurrence is expected;
Santa Rosa in 1969, San Fernando in 1971, Eureka and Oroville, both in 1975,
so that all users are conscious of the problem. In the east, experience
close at hand is lacking, and what happens in California is of the same level
of interest as news of China or Italy. Even in the Pacific Northwest, with
damaging earthquakes involving loss of life in 1949 and 1965, users and the
public remain unimpressed.

First the community must be COnvinced a concern exists and should be
dealt with. This may not be in the area of laboratory research, but it is
an essential process if a problem does exist and is to be acted on. This is
true, regardless of the level of action required.

RECENT RELEVANT RESEARCH

To say that none of the recent research is relevant to users in less
seismic areas may not be true. There is sufficient truth, however, that some
effort would be justified to cause researchers to speak more clearly to the
needs of these users.

This paper does not attempt to incorporate a detailed bibliography of
reinforced concrete research in the seismic area. An excellent source of
information for such material is the Report No. EERC 75-12 of May 1975,
entitled "Earthquake Engineering Research Center Library Printed Catalog" 6
The volume of published material is large, with much related to reinforced
concrete. A later summary listing entitled, "Research That Has Been or Are
Being Conducted and Are Related to 'ERCBC'" 7, prepared in April 1977 by
professor Bertero, includes references to research which is more recent than
that contained in the library catalog.

The National Science Foundation in 1976 awarded earthquake engineering
research grants exceeding $6,500,000, with a large share assigned to rein
forced concrete structures. Within some of these programs will be material
of interest to designers in lower seismicity localities, particularly where
different levels of ground motion input are used to determine different de
tailed requirements. An important aspect of this research is dissemination
of the information and incorporation of the results in design practice and
construction. It is interesting that one of the objectives of the earth
quake engineering subelement of NSF is to "present program results in forms
usable by the affected interest communities to control the vulnerability to
earthquakes".

Scanning research publications soon discloses that this material is aimed
at conditions outside the field of interest of the practicing engineer responsi
ble for the bulk of the design work and construction in areas of lower seis
micity, if we consider that "bUlk" refers to the many low and intermediate
rise structures built for general noncritical use. This is not to infer that



buildings of critical occupancy, unusual configuration or greater magni~ude do
not benefit from the level of the research publications available. In these
cases, however, the designer is more likely to be aware of a need or may be
required by the regulatory body to apply more rigorous design methods.

Picking through published research findings, there are many statements,
not necessarily a part of the final conclusions, that can serve as informal
guidance to the designer. Statements to the effect that truss analogy for
shear function loses its significance under cyclic loading and is not signifi
cant in earthquake resistive design. Statements regarding the significance of
steps to avoid brittle failure and to attempt to yuide failure mechanisms into
areas where repair is feasible are matters which are incidental to findings in
severe earthquake conditions. These may be helpful to the development of
satisfactory details by the designer under less rigorous requirements. Con
sideration of shear wall action and frame action (separate or combined) is
investigated against artificial spectra or historical spectra, such as El
Centro, creating an extremely rigorous condition. Little has been contained
in these research efforts with regard to variations in earthquake intensities,
although the designer in low intensity areas needs such guidance.

THE IMPACT OF RESEARCH

Introduction To Building codes

In terms of the model code groups, neither the Southern Building Code 8
nor BOCA Standard Building Code 9 provide evidence of any impact of research.
On the contrary, both are either noncommital or badly outmoded with respect to
seismic design. Both bodies have, however, participated in the current ATC-3
project for development of seismic design provisions. The American National
Standards Institute in its standard AS8.1 reproduces a slightly outdated image
of the Uniform Building Code.

The Uniform Building Code, which serves the western and seismic parts of
the country, contains the most advanced seismic code information that has been
developed in the United States. This is not a direct result of research
activity, but rather largely the result of the impact of the Structural
Engineers Association of California through its Seismology Committee. As a
result, it represents an input of information and guidance that has been found
useful and workable by practicing designers. Nevertheless, on the west coast,
designers and research engineers are quite closely allied and what really
appears is that the Uniform Building Code reflects the result of research
filtered through the experience of practice.

An area which does reflect more direct input from research is that of
ACI 318-71, which has incorporated Appendix A as the result of efforts on the
part of committees whose members represent both research effort and practice.
This appendix is limited to ductile frames and shear walls having boundary
elements, and fails to respond to seismic design needs for conditions of lower
seismicity or where the special requirements of ductile frames are not required.

Impact of research on codes is only achieved when the results of research
have been clearly and successfully disseminated to the users and accepted.
Modification for adoption of reserach recommendations can be approached through
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the practicing engineer who can provide assistance in securing code changes
where they are required. It requires the interested cooperation of concerned
engineers, faced with real problems, since few of the other parties to the
construction process have the same interest in modifying the rules under which
the regulating body functions. This is particularly true if there is added
effort or expense to be considered.

The Uniform Building Code bears the impression of practicing engineers
because the Structural Engineers Associations of the western states have con
cerned themselves with code activities. These are state groups only, and not
a national body, and thus are provincial in their interests. The American
Society of Civil Engineers, which is the national body representing structural
engineers, has until recently avoided all formal connection with code activity.
This policy has changes, but it is unlikely to result in a rapid increase in
code interest, until the normal inertia of a large organization is overcome.

The Path of Research Use

Research information finds its way into published reports which may appear
in the ACI Journal or the ASCE structural Journal, or in documents published in
conjunction with sponsored research grants. These publications, of course, are
not an end, but serve as an intermediate step in putting the findings to use by
the profession. One of the most effective examples of transferring research to
method and thence practice is that of the 1961 publication by the Portland
Cement Association of the Newmark-Blume-Corning book "Design of Multistory
Reinforced Concrete Buildings for Earthquake Motions" 10. The extensive know
ledge and experience of the authors together with extensive reference to pub
lished material dealing with seismic problems and experimental research,
established an acceptable design procedure and guide within a single publi
cation. The broad and gratuitous distribution of the book, with explanatory
seminars by the Portland Cement Association put the results of research and
experience directly into the hands of interested users. It was not, however,
the end-all to research or design needs, but rather a state-of-the-art docu
ment prepared at a time when general structural design procedures were being
modified; the characteristics of the structures themselves were being archi
tecturally altered; and material characteristics and capabilities were changing.

Research has been performed covering investigation of reinforced beam
column connections for earthquake, behavior of flexural members and behavior
of frames and framed structures, flat slab structures and structural walls.

Investigations have been made of structural failure in earthquakes, both
in the United States and elsewhere, by Earthquake Engineering Research Insti
tute teams, and relations between materials, construction procedures, design
methods and the resulting earthquake problems have been reviewed. A limited
audience has been reached with some of the findings, but this consists pri
marily of users concerned with hiqhly seismic conditions.

The list of institutions performing research is not limited to the highly
seismic areas of the country, although an understandably high level of interest
leads to the development of much seismic research in California. At the same
time, earthquake engineering reserach is being pursued in fifteen universities
throughout the United States by the Portland Cement Association at its labora-



tory in Illinois and by the Research Division of John A. Blume and Associates.
Academic interest in the seismic problem in less seismic portions of the
united States does not necessarily transmit an interest in seismic safety
problems to the public, building authorities, architects, or engineers in
these areas.

ACI 318-71 provides the reinforced concrete design guidance used by many
engineers. It responds to research in its intermittent publication, and pro~

vides a careful, deliberate path to changes embodying research results. Numer
ous committees have representation from those performing research. And what
is the result? An outcry concerning the lack of workability, academic ori
entation, and overburdening of the designer. Perhaps the complaints are over
blown, and perhaps they have died down with familiarity. Certainly none of us
enjoy being moved out of a comfortable rut, and this generation of engineers
has seen several changes in design technique. Underlying this, however, is
the possibility that a large percentage of individuals in the engineering
field are unable to understand the material, or are unwilling to make the
effort. On the other hand, perhaps they are not being provided with sufficient
guidance to help them assimilate new and useful material because of the gap
between research effort and design.

In a more general area, much of the result of research is published in
the ASCE Engineering Mechanics or Structural Journals. These journals are
subscribed to by over 20,000 members, and yet there are many more engineers
rerforming structural design who either are not familiar with the publications
or do not read them. Unfortunately, most of the papers present raw research
results, with highly complicated mathematical derivations, and the readership
tends to be made up of the limited group publishing. There is a place for
these publications as long as they are being scrutinized, digested, and the
results incorporated into practice where warranted. But the gap that exists
oetween this material and the practicing designer is broad, reSUlting in
?olarization rather than communication. The gap must be reduced to assure
that worthwhile advances in the state-of-the-art are incorporated into the
,tate-of-practice.

Beyond these generally available areas of material, there is a vast
rolume of research published which appears to be completed and buried, unless
It is searched out, or one is on the proper mailing list. Certainly not
,very engineer has either an interest or a need for this material, and much
)f it can be easily traced through catalogs and bibliographies such as those
,t the library of the University of California at Berkeley and Earthquake
~ngineering abstract journals. While the practicing designer does not need
;ontact with this material, it is desirable that the useable and practical
)ortions of the material should be adapted to design criteria measures and
.ntroduced into the stream of design.

RESEARCH NEEDS

A report was published in September 1975 11 identifying research needs
lnd directing the attention of the research fraternity to areas of some general
~plicability, but also largely toward structural problems much more severe
:han those envisioned by the user in the less seismic areas. These latter
lsers have had little direct impact on research, however, it must be. empha-
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sized that they represent a geographic area much larger than the highly
seismic area of the country, and a total construction volume and population
greatly exceeding the construction volume and population occupying geographic
areas of high seismic risk. This creates a valid reason for investigating
the steps that are necessary, economically acceptable and easy of accomplish
ment, to assure that all of this construction in the largest part of the
country is prudently accomplished, and that safe conditions are reasonably
assured.

In the pending Applied Technology Council ATC-3 document, 12 categories
have been established as functions of the nature of concentration of the
occupancy in terms of exposure hazards, and of the local seismicity in terms
of an index number relating it to hazards in other geographic areas. Under
the least demanding category come those buildings, the treatment of which is
essentially limited to wall anchorage and tie requirements, to improve seismic
resistance. In the next lowest category, the requirement, among others, is
that "concrete frames must be semiductile with some transverse reinforcement
in the joints". Users have a very great need for an interpretation of this
rather open requirement in localities such as Bend, Oregon; Bismark, North
Dakota; or Birmingham, Alabama; where seismicity and the hazard index are low.
Even areas of greater hazard, large buildings in this category, calling for
semiductile frames, will be accepted for moderate occupancy and noncritical
conditions, This intermediate level of treatment, and the effectiveness of
reinforcing and detailing has not been investigated, or, if it has, the
resulting definition of details and reinforcement material characteristics,
together with the ductility relationship, have not been disseminated in terms
of meaning to the practicing engineer.

There is an accumulation of hysteresis data based on severe cyclic load
experience, establishing a definition of ductility, and its needs under extreme
conditions. Since less seismic regional design permits lower effective peak
accelerations and velocities, with shorter durations of shaking, research
should investigate the effectiveness of modified levels of augmented rein
forcement under related input to secure a pattern of effectiveness which can
define semiductility and asses member reinforcement needs.

Regardless of geographic locality, the problems of definition of irregular
structures and simplification of analysis of their response has not been solved.
The knowledgable designer will show greater concern as his structure becomes
less regular in its conformation and may enlist the sympathy of the architect
to reduce these irregularities in some measure. At some undefined point,
dependent primarily on the designer's judgment and his experience, he will
increase the sophistication of the design measures and treatment of details,
taking into consideration the extent of the irregUlarities and the importance
of the construction. Familiarity is necessary to recognize the hazards of
irregularity, and in the low seismicity areas of the country, designers in
volved largely with noncritical construction may not readily appreciate the
critical nature of extensive mass eccentricities, setbacks and vertical dis
continuities. A rationale for increasing in a simple manner the sophisti
cation of design has not been satisfactorily developed. The definition of
irregUlar is surrounded by such modifiers as "significant", for which we have
neither the background nor the stomach to apply numerical assistance. The only
limiting factor for change has been the long standing 160-foot limitation on



height without ductile frame, which is admittedly arbitrary, but generally
applied without latitude, and as an absolute.

When we consider that the present Southern Standard Building Code con
tains no guidance or restrictions with respect to seismic desigh, and that
the BOCA Basic Building Code still retains the forcing factors which were
introduced 25 years ago, together with a seismic zoning map of equal antiquity,
it must be apparent that only the most elementary modifications to seismic
design practice can be anticipated in the eastern United States, except where
it can be clearly and undeniably shown that a hazard will be developed through
lack of considering conditions of structural arrangement or shape.

No philosophical or technical assessment of the limits of acceptable
damage has been investigated. The problem of repairability of damaged
structural elements under recurring conditions is of interest in areas of
high seismicity, while the question of noncollapse under the infrequent
damaging earthquake is of interest in areas of low seismicity. This also
includes the need for information on the strength decay of columns under
earthquake loads, where the bearing area of the concrete may be reduced to a
mass of broken material basketed in the reinforcement.

Extensive experimental and analytical research is in process in the area
of structural walls. It is important to the designer, at all levels of seis
micity, that this material should be first carefully examined by the research
community, but then carried into simple and useable design terms and actively
disseminated to the using engineers and the rest of the building field. As a
part of this effort, it is important that a system of design limitations be
achieved which will permit rational and realistic assessment of capabilities
without the need for arbitrary imposition of height limits.

Further effort appears to be required to determine a highly simplified
method for the application of modal analysis. Simple means of calculating
modal response and simple guidelines to permit its application and under
standing by the average designer without need for incomprehensible analytical
devices may be an insurmountable request, but would serve the designers
greatly. To this should be added suitable guideposts to establish where the
method is significantly useful or even necessary.

Studies of floor diaphragms, to determine their real stiffness and limi
tations applicable to their use, are needed. This should be extended into the
area of effectiveness of systems utilized as a floor diaphragm consisting of
precast elements either with or without topping. Little information is avail
able with regard to the effectiveness of topping slabs and their transmission
of shearing forces into the vertical load carrying elements, or of welds inter
connecting these precast units.

These areas are general in nature, but for the most part would provide
assistance to designers in low seismicity parts of the country. They do not
propose to cover many other questions of possible .user needs which are more
pressing in west coast states.
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CONCLUSIONS

Efforts toward solution of the seismic design problem will and should
continue to focus on severe earthquake forces in areas in high recurrence
level. This is of primary interest only 'to a relatively limited geographical
area of the country. There is every reason to devote substantial effort to
establishing hazard mitigation policy and the necessary related design guid
ance and construction guidance in less seismic areas. The answers to some of
the problems arising under these conditions can be developed from published
research relating to severe earthquake effects; however, there are areas of
intermediate interest which may require independent investigations. Corres~

pondence with numerous engineers having long connection with seismic design
and research has provided suggestions toward user needs, but of more interest,
it has provided a surprising independent agreement concerning shortcomings.
It is generally agreed that while there is much research performed, the
activity is relatively uncoordinated and the results are inadequately trans
mitted to the potential user. This is reflected in excessive complexity of
the existing code as it pertains to gravity loads, as well as the tendency
to develop even more complexity in seismic requirements.

There are large and unsatisfactory gaps in communication at all levels
of the process~ Transmission of research finding and results is too fre
quently in terms which are incomprehensible to the engineer attempting to
profit from them. This impedes adoption of what might otherwise be worth
while findings, because of unclear and inadequately simplified expressions
of those findings. In turn, this material is ineffectively put into practice
and its Use is impeded or prevented through lack of the further links of com
municating with the architect, the builder, and the other users.

In all areas of the country, it is imperative that significant research
results be communicated in such a manner to the users that they will serve to
improve the effectiveness of the product. In those large areas of the country
where less concern exists regarding seismic activity, if some precautions are
truly warranted, such communication must be even more simplified and definitive.

In view of the fact that dissatisfaction is expressed with regard to com
munication between researchers and users, and the assessment by the users that
research is fragmented, it would appear desirable to perform a review of past
and current work. This should be aimed at segregating the material which can
be usefully adopted to practice, and developing an outline of procedure and
review through which it might be adopted by users and have an impact on codes.
This may be difficult to accomplish without intruding on the private domain of
investigation of individual researchers. HopefUlly it will not conflict with
the self-interest of institutions or individuals to establish some type of
overall coordination. At the same time, this should be the result of a free
interchange of relavant material without imposition of requirements.
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INTRODUCTION

Building design practice is dominated by the codes governing the design
since, even though the code intent is to provide minimum standards, in actual
practice these minimums generally become almost the only design criteria.
Research and testing is also closely linked with codes since the results are
generally used only where they influence code criteria. This overview of
earthquake resistant reinforced concrete building construction in California
therefore revolves around the seismic codes used in California in recent
years.

The discussion is divided into five sections.

1. Concrete Shear Walls.

2. Interaction of Shear Walls and Frames in Resisting Seismic Forces.

3. Concrete Floor and Roof Diaphragms.

4. Concrete Moment Frame Seismic Force Resisting Systems.

5. Miscellaneous Topics.

The symbols used in the text are those used in the ACI and Uniform
Building Code, unless noted otherwise.



CONCRETE SHEAR WALLS

Since the first SEAOC requirements were included in the 1961 UBC,
the seismic lateral force requirements and the shear capacity allowance for
concrete shear walls has changed radically. This is most easily recognized
if a specific example is used to trace these changes. Consider a building
with 100, 000 sq. ft. of floor area and a uniform dead weight of 100 psf whose
code seismic forces are resisted by 10" thick shear walls with 3,000 psi
concrete and. 25% of grade 40 reinforcing. The length of shear wall required
by the various codes for buildings with a complete vertical load frame and
with periods of .5 second and 1 second are as follows:

~ T =' .5 T =: 1

1961 & 1964 UBC 35.0' 27.7'
1967 & 1970 UBC 58.3' 46.2'
1973 UBC 83.3' 65.9'
1976 UBC 130.8 1 93.4 1

Proposed ATC 132.4' 72.8'

This is the result of applying the following force formulas and shear
capacity allowances:

For the 1961 to 1973 codes the seismic coefficient formula is C=,. 05/Tf3.
This results in a design lateral force of . 063W for a building with a period
(T) of .5 second, and. 05W for a building with a period of 1 second.

The 1976 force coefficient formula is C=:. 067 S/TY:z... The site factor
S is most commonly equal to 1, 5, yielding a formula of C=:. 10/T}i~ . 14,
which is used for the above table. This results in a design lateral force of
. 14W for a building with a period of. 5 second and. llW for a building with a
period of 1 second.

The current ATC study proposes a seismic coefficient formula of
(1, 2 x. 4 x!, 2)/(5T%}::S (2.5 x,4}/5 for concrete shear wall buildings with a
complete vertical load frame placed on the usual California site. This results
in a design lateral force of . 20W for a building with a T of .5, and. llW for
a building with a T of 1.

The 1961 to 1964 codes provide an allowable concrete shear value of
.05f'c, or 150 psi for the given concrete, regardless of whether the reinforcing
exceeds the minimum requirement of .25%.

The 1967 to 1970 codes provide an allowable concrete shear which depends
on the wall height-to-length ratio and the percentage of reinforcing. For
height-to-width ratios less than 2, and. 25% reinforcing, the allowable shear
is 90 psi.

The 1973 code provides an allowable shear of. 85(2 {fie + pf }/2.8,
which, for the given concrete and reinforcing gives an effective allowable
shear of 64 psi.

The 1976 code provides an allowable shear of .85(2 $'c + pfy}/2. For
the given concrete and reinforcing, the effective shear is 89 psi.
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The current ATC proposal provides an allowable shear of .6(2 $I: + pf )
yielding an effective allowable shear of 126 psi. Small increases are al'iowe<f
per the ACI.

1£ the ultimate concrete wall shear capacity is given by the equation
Vu = 2 -¥'C + pfy ' the various codes would provide for the following lateral
force coefficients at ultimate shear capacity:

Code T = .5 'E...=.J..:.2
1961 &: 1964 UBC .088 .070
1967 &: 1970 UBC .147 .117
1973 UBC .207 .164
1976 UBC .330 '.240
Proposed ATC .333 . 186

A typical design earthquake spectrum would show a 5'70 damped SDF
(single degree of freedom) elastic response on the order of 1. Og at T =.5
and. 50g at T =1. O. For a MDF (multi-degree of freedom system) which
represents a typical building, these values would reduce to about. S5g and
.42g. With the damping increased to 10%, the values would reduce to about
• 64g and. 32g. For most buildings, there are factors, which will be discussed,
which prevent the theoretical response force from being delivered to shear
walls. However, for buildings which may not have these relief factors, we
need to at least reconcile the gap between the 1976 UBC capacities and the
design earthquake dynamic response predictions. For buildings with a
period of .5 second, the difference is a factor of about 2. For buildings
with a period of 1 second, the difference is a factor of about 1. 33. These
factors have to be reconciled by a combination of shear strength capacity in
excess of 2 ~c + pfY' ductility, and damping. For walls with only. 25%
reinforcing, most tests have indicated very little shear ductility, generally
less than 20%. An increase in damping to 20% without wall shear failure is
possible, but this is probably accounted for in a ductility allowance of 200/0.
Static tests, monotonic and reversing, indicate that the ultimate capacity
may exceed 2 ~c + pfy by as much as 50% for short walls, where the concrete
is actually taking all the shear. For these walls, however, no shear ductility
is evidenced. It seems that the gap between design earthquake response
spectra forces and 1976 UBC design capacities can be almost, but not quite,
closed on the basis of what we now think we know about concrete shear.

Changes in what we think that we know about concrete shear can be
traced through the changes in codes.

Codes previous to the 1976 UBC related shear wall strength directly
to concrete compressive strength. A minimum amount of wall reinforcing
was required but no credit was given for additional reinforcing. The allowable
shear for seismic forces included about the same margin against assumed
ultimate as the margin used for other loads. The shear wall allowable of
• 05 fl c could be justified on the basis of the. 03 fl C allowed for shear in
unreinforced beams, plus an allowance for the wall reinforcing, or could be
considered an arbitrary increase for walls over normal beams.

The 1967 UBC changed the allowable concrete shear radically. Concrete
shear strength was related to the square root of the concrete strength, rather
than directly with the compressive strength. Design was converted to a



factored up loading to be used with ultimate capacity, or, considered con
versely, an allowable capacity factored down from ultimate. Recognizing
the high seismic response forces that shear walls attract if their shear
strength governs, the 1.4 seismic "u" factor for concrete was doubled
for shear capacity. Greatly complicating design, an attempt was made to
reflect the effects of combined shear and flexure. It was assumed that
walls with height-4:0-1ength (H ID) ratios of 1 or les s have an ultimate capacity
shear stress of 5. 4JfTc ' For 3,000 psi concrete this assumes an ultimate
shear of 252 psi, which, when factored down by 2.8, gives an allowable
shear of 90 psi. It was further assumed that shear reinforcing for short
walls is completely ineffective, so the maximum allowable shear for these
walls was 90 psi, regardless of the reinforcing. For walls with HID ratios
greater than 2.7, the ultimate shear was given as cj> (2 ,Jf'c + pfy)' For
3, 000 psi concrete and. 25% grade 40 reinforcing, this formula gives an
ultimate capacity of 178 psi with a factored down allowable capacity of 64 psi.
For HID ratios between I and 2, the allowable shear could be increased
linearally from 90 psi to as much as 166 psi, depending on the amount of
reinforci~. From this maximum, the possible capacities decreased to
the t (-J2f 1

c + pfy) value at an HID of 2.7.

The above HID shear criteria, which was included in the 1967 and
1970 UBC, are an example of why we should not try to put all that we think
we know into design codes. While these code provisions were in effect,
designers struggled to compute effective HID ratios and allowable stresses
for an almost infinite variety of piers created by wall openings. The
effective height (H) to be used in the formula was almost impossible to define
based on the pier end conditions. When the allowable stress complications
were added to the involved elastic stiffness calculations which were made to
determine the distribution of shears between piers, such involved calculations
were made that they actually deterred general accuracy and discouraged
checking. The computational complexities were out of all proportion to
the possible accuracy of seismic design.

The 1973 UBC changed the computed ultimate shear capacity for concrete
walls to cj> (2 ~c + pfy ) for all walls, without changes for HID ratios. This
provides a sum equivalent of about cj> (4 ,1£\) for walls with the minimum
required reinforcing. For low (HID) ratios this could be considered as a
decrease in capacity allowance from the previous code to allow for the high
response and low ductility of these walls. It was also argued that the value
of 5.4 -JI'c; does not apply to the type of load application involved with many
shear walls. And it was further justified as a concession to simplifying
design, recognizing that the previous ultimate value of 5. 4 ~c can be equaled
with the cj> (2 -JiTc + pf ) formula by simply increasing the percentage of
reinforcing. The 1971 UBC maintained the load factor of 2.8, providing a
factored down shear capacity of 64 psi for a wall with 3,000 psi concrete
and. 25% of grade 40 reinforcing.

The 1976 UBC increased the seismic lateral force coefficient so the
concrete shear load factor was reduced from 2. 8 to 2.0 to provide approx
imately the same required capacity as the 1973 code.

The proposed ATC uses the formula. 6 (2~ + pf ) to represent
ultimate concrete shear capacity. This provides a ccapaJ'ity reduction factor
of 1. 67, as compared with the 2/.85 = 2.35 factor of the 1976 UBC, but this
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is used with the increased lateral shears provided by the ATe seismic
force formula.

It can be seen that concensus opinion, as represented by current codes,
considers that the essential controllable factors of shear capacity in concrete
shear walls are represented in the basic shear capacity formula V u = 2 -$lc + pfy
It is generally recognized that this formula does not necessarily (and does
not need to) predict the real distribution of shear capacity between concrete
and reinforcing. However, the sum of the resistance indicated by this
formula is believed to reasonably estimate the value of that part of ultimate
shear capacity which is controllable in the complex design for earthquakes.
This is in spite of the many tests which have shown that concrete shear
capacity varies widely, depending on a great many variables. The variables
include not only the concrete compressive strength and the shear reinforcing,
but also the flexure reinforcing, the combination of shear and flexure stresses,
and the combination of shear and direct stresses.

Two basic types of static tests have been made to simulate combinations
of shear and flexure, "block-loaded" beam type tests, and "flange-loaded"
racking type tests. For short deep beams or walls, "block-loaded" tests
tend to develop diagonal compression struts which create principal tension
cracks perpendicular to the struts. The concrete shear capacity thus
indicated is high. "Flange-loaded" tests tend to devel'op the more usual
diagonal tension cracks which generally result from shear forces. Both of
these loading conditions can be found in actual buildings, but the most common
condition would be that repre sented by the "flange-loaded" tests. The influence
of direct stresses has also been investigated extensively and found to be very
significant, if the direct stresses are significant. However, not only are
the direct stresses in shear walls generally not very great, but they are also
not very predictable. Where the dead load direct stresses are shared with
reinforcing, the shrinkage and creep of concrete tends to shift the load to
the steel to a somewhat unknown degree. The direct stresses due to earth
quake dynamics add to or subtract from the dead load stresses in a complex
and far from predictable manner. The oscillating modal vibrations of a
building responding to the random unpredictable variations in earthquake
ground motions are not represented by the static shear envelope and moment
used for basic design seismic forces.

When faced with many relatively unpredictable factors, the cost of
neglecting all but the more predictable factors needs to be considered.
Essentially, the value of the more unpredictable factors of ultimate shear
capacity can be simply replaced by the addition of shear reinforcing. This
is not an unreasonable economic penalty and therefore is reasonable justifi
cation for the current design shear capacity approach.

Several shear factors have not been discussed in the above.

First, the concrete shear capacity may not only depend on the concrete
compressive strength, but also on the shear strength of the aggregate. When
aggregate weaker than normal rock aggregate is used, the shear strength
of the concrete may be reduced. Reduction factors for lightweight concrete
are provided in current codes, based on tests of typical lightweight mixes.

Second is the important factor of horizontal shear along construction



joints where, as the ACI code puts it, "it is inappropriate to consider shear
as a measure of diagonal tension". Shear failure along these construction
joints has been repeatedly demonstrated by earthquake performance. The
current ACI "shear-friction" provisions actually call for shear design along
these joints to be governed by the formula Vu =<ppfy anf for "the interface
to be rough with a full amplitude of approximately 1/4 inch". Actually,
the provisions were developed from tests tailored for, and intended for ver
tical load application to corbels supporting precast members, and similar
details. There is no indication that the provisions are actually being applied
in practice to horizontal construction joints in shear walls and the provisions
do not directly relate to the tests. However, there is certainly a need for
tests directly related to this problem and for code provisions based on
these tests.

Somewhat along the same line as the horizontal crack or joint problem
is the vertical crack problem where short spandrels join large shear wall
piers. Flexure yielding at ends of the spandrels opens up a vertical crack
which becomes a significant separation with reversing loads into the yield
range. Diagonal reinforcing cages can transfer this shear and considerable
attention has been given to this concept. However, it may be much more
economical and adequately effective to transfer this shear through large
dowels placed near the center height of the spandrel. This concept needs
testing.

Third is the subject of providing shear ductility by using a sufficient
amount of shear reinforcing. There is considerable debate about the load
factor used for concrete shear. Those who believe that it should be reduced
from the present code factor generally assume that shear walls do have
significant ductility, though they do not always separate flexure ductility
and shear ductility. The subject of flexural ductility will be taken up after
this discussion of shear capacity is complete. Regarding shear ductility,
however, there is considerable test data available, much of which is from
New Zealand. This indicates that considerable shear ductility is provided
if the shear reinforcing has sufficient yield strength capacity so that it does
not yield significantly with concrete cracking. It is possible that more
safety with less load factor could be achieved through a higher minimum
shear reinforcing capacity than is now required.

The subject of ductility and period lengthening due to stiffness degradation
at high stres ses needs examination from the standpoint of degrading shear
modulus, for individual piers and for shear wall assemblies. Very little
attention has been paid to the shear modulus for concrete on the basis that it
is not very significant. At high shear stress for tall walls the shear deflection
may be very significant. The few masonry tests where shear modulus
degradation with stress and distortion have been recorded indicate that this
can be an important factor in the behavior of tall walls. Too often the tests
have not concentrated on deflections and the effects of various contributers
have not been singled out. Shear walls with openings creating a variety
of piers and spandrels have a stiffness and stiffness degradation mixed
between shear, flexure, and direct stresses. More of this type of wall needs
testing.

It can be seen from this long discussion of shear capacity that many of
the code provisions and the wall tests have concentrated on the shear aspect
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of shear wall capacity. However, the code shear capacity will not be reached,
even in buildings subjected to severe ground shaking, if the wall yields in
flexure, or rotates on its foundation, or slides on its foundation before the
response force builds up to the shear capacity. Some engineers are of the
opinion that a shear wall should always be designed to yield in flexure
before it reaches its shear capacity, thus assuring the ductile relief provided
by yield flexure, as is provided in frames. Others believe that most walls
should rotate on their foundations at a low force level to limit shear forces.
Certainly, many walls do not have a connection with the ground which will
transfer the elastic response forces generated by severe ground shaking.
The problem is that many of these forms of force relief are not available for
certain buildings and many can not be made predictable. It must be remem
bered that the structure is serving architectural functions, and many times
the architecture dominates, as long as the cost of providing earthquake
safety is not made prohibitive by the architectural requirements. And it
must be remembered that the architect generally wants the concrete wall
elements to be both structural and architectural rather than cladding or
in-fill elements.

Tests have indicated, and it has been generally stated, that shear walls
yielding in flexure have the needed ductility to reconcile code forces induced
by the energy demands of severe earthquakes. There seems to be some
inconsistancy here between the design of concrete ductile frames and shear
walls. The design force for a shear wall with a complete vertical load frame
is only 50% greater than that for a frame (except for shear stresses and
diagonal tension stresses). However, the code requirements for assuring
flexural ductility for the two systems are not at all proportional to these
design forces. The rotation demands on the system are generally very
different, but they may be very comparable, for some configurations.

One of the problems in discussing shear walls is the fact that usually
each person discussing the subject has a different picture of what shear walls
look like in buildings. Those who believe that bending does, or should, always
control over shear generally picture a wall pier which cantilevers up from a
foundation or basement. For this type of wall, flexure will govern at low
height to length ratios. However, the capacity of such walls will usually not
satisfy code force requirements without end columns, or end wall returns.
For these walls, wall shear yielding may be preferable to column yielding.
The shear on these walls at strong ground shaking may be limited by uplift
at the foundation, or basement embedment may not provide any limit to the
dynamic response. Often shear walls are part of a box configuration, in
a core area, or as perimeter walls. Core area walls may get relief from
response shears, due to rotation of the box core as a whole, but they will
not yield in flexure. Perimeter walls in a box shape will generally get no
relief, either from rotation or flexure. Box core walls have openings and
the design of piers between such openings brings up new problems. The
usual design of jamb reinforcing for the piers may not apply because the
rigid box forces diagonal strut action rather than bending plus diagonal
tension shear.

The problem of drift and distortion control for walls which rotate on
their foundation needs considerable research.

An elastic analysis of shear wall drift is not valid if one end of the
shear wall starts to lift off of the foundation. Considering the shear wall



by itself, the only drift control at this stage is the balance between kinetic
energy input to the wall and the potential energy involved in raising the c. g.
of the wall due to rocking. This potential energy control is reasonably
effective at limiting drift only for low velocity motions. Since the energy
is related to the velocity squared, it takes a large rotation to balance high
velocities. The fact that seismic motions change rapidly and are generally
reciprocating generally prevents large size elements, such as walls, from
overturning even with high velocity ground motions. There isn't time
during one motion cycle for the wall c. g. to rotate past the edge about which
the wall must rotate. It cannot be assumed, however, that because a wall
will not overturn, it will not rock. It may rock on the foundation if the dead
load or tie down resistance to rocking is not great enough, or it may rock
about a section where the wall tensile capacity is not adequate for the bending
moments involved. Of course, a wall will also rock somewhat due to un
balanced soil loading under the footings resulting from lateral loads on the
wall. Although this may increase the flexibility and period of the wall, it
will generally not increase the period enough to significantly reduce the
dynamic response. The rotation settlement involved in doubling the load
on one footing while reducing the value to zero on the other is generally
quite small.

INTERACTION OF SHEAR WALLS AND
FRAMES IN RESISTING SEISMIC FORCES

Shear walls in multi-story buildings often have large height-to-length
aspect ratios. These walls will resist lateral forces as cantilever vertical
beams whose deflection characteristics depend more on bending moment
than on shear. Generally, the building frame, whether designed for lateral
forces or not, will act in conjunction with the shear walls. The frame, though
resisting lateral forces principally by bending of the frame members, will
distort mainly as a shear unit, if, as is usual, its height-to-length aspect
ratio is low. Normally the frame stiffness distribution with building height
will approximate the lateral load shear distribution with height, resulting
in an essentially straight vertical distortion curve. Combining the effect
of the bending curve of the shear walls with the straight curve of the fram.e
indicates that almost all of the lateral force shear at the bottom. of the
building will be taken by the shear walls while the frame will pick up shear
at the top.

Computing the distribution of lateral force resistance between the shear
walls and the fram.e is a complicated m.athem.atical analysis problem and
a tedious design problem.. Com.puter program.s will readily handle the
elastic analysis problem but require a lot of man and machine time for the
trials necessary in design. Somewhat simplified algebraic m.ethods have
been worked up but they are still quite tedious and time consuming. As a
result of these complications, the shear walls are generally designed for
all the lateral load and the frame either designed for an independent share
of the load, or not designed to take any lateral force.

It is necessary, however, in evaluating the performance of buildings
which have been subjected to earthquake ground motions, or in evaluating
the risks of possible earthquake exposure, to consider the combined resistance
of the two systems. For this problem, for realistic seismic design, the
post elastic perform.ance of the system.s must also be considered. Although
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post elastic effects can be considered in cOlTlputer progralTllTling, they
generally have not been because this is difficult and conSUlTles lTluch cOlTlputer
tilTle. A quicker and less expensive lTleans of evaluating the perforlTlance
of these cOlTlbined systelTls is needed. It seelTlS that a silTlple selTli- graph
ical lTlathelTlatical approach will provide a reasonable estilTlate of the per
forlTlance of such systelTls, elastic or inelastic. The principal inelastic
effect is wall rocking. NorlTlally, if a shear wall starts to rock it will start
to lean on the building fralTle and the fralTle will support it up to the capacity
of the fralTle. Expressed graphically, this is indicated by a sharing, between
the two systelTls, of the lateral load diagralTl and its resultant shear diagralTl.

If the walls have been designed strictly to code lTlinilTlulTl requirelTlents
with regard to overturning lTlOlTlent and dead load or tie down lTlOlTlent resist
ance at the foundation, they will rock if subjected to forces in excess of the
code lTlinilTlulTl. This, of course, can be recognized as a definite possibility,
if not a definity probability. For a shear distribution which approaches
the usual parabolic assulTlption, the rocking lTlOlTlent involved is equal to
the base shear tilTles two-thirds of the building height. Since the balancing
resistance moment to rocking is a quantity fixed by the design, any increase
above the design base shear due to more intense ground lTlotion must be
balanced by a decrease in the effective mOlTlent lever arlTl. Since mOlTlent
is also given by the area of the shear diagralTl, this can also be expressed
by a shear distribution curve with a reduced area factor relative to the
base shear. Several phases of the sharing of the load and shear diagralTls can
be developed and the best phase for the estilTlated elastic or post elastic
behavior can be readily chosen. From the chosen phase the total building
drift can be estilTlated. The effective period of the building can then be
approximated, and for seislTlic design, a revised response base shear can be
deterlTlined. This process can be quickly cycled to obtain a reasonable
performance estimate. The load diagram for the shear wall gradually
changes frolTl a triangle with its base at the top to a triangle with its base at
the bottolTl, and then to first order, second order, etc. parabolas with
their bases at the bottom. This can be recognized as gradually lowering
the c. g. of the shear wall load diagram. The load at the bottolTl comes
from the frames which pick up load at the top but return it to the shear walls
at the base. The load on the frames is approximated by an "X" type loading
with positive load at the top and negative load at the bottom.

With this type of analysis it can be seen that the ductility of the back 
up frame can be very important.



CONCRETE FLOOR AND ROOF DIAPHRAGMS

The subject of concrete floor and roof diaphragms has not received
much attention, in testing or in the codes. The UBC codes from 1961 to
1973 required a diaphragm design force coefficient (Cp ) of KCW ~. 10.
Except for very short period shear wall buildings without a complete verti
cal load frame, the minimum C p of .10 governed. For buildings with a
T of 1 and a K of 1. 33, the Cp value reached its maximum of • 133. The
1976 UBC requires. a diaphragm design force equal to the force at that level,
obtained from the code distribution of the code base shear force. However,
the required design force is not less than. 12 w x , where Wx is the weight
at the diaphragm level. For a building with the same weight at each level,
this criteria can be expressed by the formula C p '" KICWx :=::: .12Wx . In
this formula Kl is a factor depending on the number of stories (if the story
heights are equal) and C is the building base shear coefficient. The factor
for the top level increases in the progression 1. 0, 1. 33, 1. SO, 1. 60, 1.65,
1. 67, 1.75, 1. 75, 1. 75, 1. 82, 1. 80 as the number of stories increases
from 1 to 10. The factOr fOr the top level approaches 2 if only the code
triangular lateral load distribution is considered, and a little mOre than 2
when a concentrated lateral load (F t) at the top level is considered.

For low buildings, the 1976 UBC has considerably increased the force
at the roof level diaphragm, above that required by the preceeding codes.
Consider buildings with a frame factOr (K) of 1, a site factor (S) of 1. 5,
and the same weight at each level. For buildings with a period of .5 second
Or less, the 1976 UBC design coefficient for the top level diaphragm would
be .140, .186, .210, and. 224 for 1, 2, 3, and 4 story buildings. The
increase in force coefficient with height is the reflection of the first mode
deflection shape and is therefore basically correct. However, the values
do not give diaphragm coefficients which are consistent with the base shear
coefficient. For a shear beam, the (MDF) multi-degree-of-freedom first
mode contribution to base shear is only 81% of the base shear of a (SDF)
single-degree- of -freedom system with the same period. The displacement
and top acceleration of the same MDF system, however, are 127% of that
of a SDF system of the same period. In other words, the amplitude of
the displacement curve for the first mode of the given MDF system is 1270/0
of that of the same SDF system, though the base shear contributed by the
first mode of the MDF system (in effect, the mass acting with the first mode)
is only 81% of that of the SDF system. Therefore, in" relating the diaphragm
level acceleration coefficient (Cp ) directly to the base shear coefficient,
the accelerations corresponding to that base shear seem to be underestimated
by a factor of 1. 27/.81 or 1. 56. The contributions of the higher modes
will add to this acceleration, though these high frequency vibrations may
have little response effect on real structures. All of the above assumes a
rigid diaphragm which responds directly to the acceleration of the vertical
frame at the level of the diaphragm. This is usually essentially true for
concrete diaphragms. It seems that we should look further into diaphragm
lateral force levels.

The strength of a concrete diaphragm should relate quite directly to
the strength of concrete walls, and yet the UBC has not applied the same load
factor for shear nor has the same minimum reinforcing requirement been
generally applied. Most concrete diaphragms have covered relatively small
areas, however, and for poured in place complete concrete systems, the
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normal stress and temperature reinforcing has been adequate for shears .
.For topping slabs used as diaphragms, the problem is different.

Consider first the standard 2 1/2" or 3 1/4" concrete topping poured
over steel deck. Tests for this combination have treated the deck as the
diaphragm, with sheets interconnected by welding, and with the concrete
as a stiffener. The side and end shears are transferred from the deck to
steel edge members by welding, and the load is transferred from the steel
edge members to vertical shear-resisting eleInents. The capacity of
this type of diaphragm is extreInely limited as compared to seismic demands
and its use has been limited to small diaphragms, or where the designer
does not really check diaphragIn shear deInands. For Inost floor diaphragms,
the topping must be treated as the diaphargIn if the code shears are to be
resisted. The shear is then transferred directly from the topping to the
vertical shear-resisting elements. Usually, the topping has had only a
light mesh for arbitrary reinforcing, so those diaphragIns depend almost
entirely on the shear strength of the concrete, with little or no ductility
The use of a light mesh is questionable on several counts. First, it does
not comply with the minimum temperature reinforcing requirement which
has been also depended on as a minimum seismic reinforcing. Second,
the entire use of mesh shear reinforcing needs to be investigated. Light
mesh is made up of cold drawn wire which has little of the ductiltiy that
hot rolled small bars have. The welding of the mesh may also reduce the
ductility. Light mesh has a questionalbe capacity to span shrinkage cracks
and to provide any dowel action. If the shear friction concept is applicable,
the reinforcing should be able to take the entire diaphragm shear. The
friction factor (Kl) in the formula U =K l pfy should probably be taken as
1.0 for diaphragms because of the opening gap in shrinkage cracks.

The shear problems of the topping slab over steel deck are somewhat
limited by the comparatively light weight of the steel frame and steel deck
and the general use of lightweight concrete topping. However, it should be
borne in mind that these diaphragms can be very large in low buildings
and can be severely cut up by elevator banks, duct shafts, and stairs in
multi-story buildings. A great number of departInent stores have been
built in the last decade and Inost of these have very large floor areas with
no interior seisInic resisting shear walls or frames. The entire seismic
lateral resistance has to be carried by the floor and roof diaphragms to
exterior shear walls which are as much as 430' feet apart. Considering
that a football field is 300' feet long, the span and loads for these diaphragIns
is great. Many times large openings are cut into diaphragm at the exterior
walls, considerably reducing the length available for the shear transfer
from the diaphragm to the wall. It can be seen that the performance of the
diaphragms and their shear transfer details is very important.

A typical multi-story office building floor diaphragm is on the order
of 100 feet wide by 200 feet long. Pe rimeter frames often take all of the
seismic shear forces from the floor diaphragms. This does not create a
serious problem with regard to the inertia forces from the floor and partition
weight, even with the large openings in the central area which are typical
of high rise buildings. But there may be a problem in providing lateral
support to columns around the elevator openings. If a drift of as much as
1% occurs during a severe ground shaking, then the diaphragm must support
the lateral forces of 1% of the vertical loads on their columns.



A much more severe problem occurs for topping slab diaphragms
placed over precast concrete planks and precast concrete framing. This
system will have a weight of about twice that of the steel framed, steel
deck system so the lateral loads will be about twice as high. This means
that the shear transfer to shear walls is twice as high per foot of shear wall
as with the lighter system. Since this shear transfer is a problem for most
diaphragms, it is especially difficult for the precast system. In addition,
since the planks are not joined along their sides except by the topping,
there is a potential crack at each plank joint. A typical system has a 3"
topping over an 8" thick plank so there is a partially cut control joint
8/11 of the way through the system. There is a question as to whether
these potential cracks, and all pour joints, should be treated as cracks
requiring shear friction reinforcing. The integrity of the topping diaphragm
and its connection to the 'shear walls is critically important since the typical
precast concrete beam and column system has no reserve lateral capacity
to provide against total collapse. This entire system needs research to
insure its safety when designed to code forces.

The introduction of the shear-friction concept opens up a whole area
of questions. The transfer of concrete shear across cracks or joints has
always been a problem which has plagued the designer. Little or no research
or code guidance has been provided. Designers have tried to use the un
explained low code bolt shear values for dowels, placed dowels diagonally
to take direct stress, or have used keys, with or without counting on dowel
help. The shear across the base of shear keys has not been covered by the
code s, which have tended to treat all concrete shear as a diagonal tension
problem. The introduction of the shear-friction concept, though based on
a limited range of tests and not directed to diaphragm or wall problems,
has therefore been attractive to designers as a solution to those problems.
This concept may explain away a lot of problems with concrete cracking
and joints, tight and open, but it seems to need a lot more research. Of
first order in this research should be the transfer of shear forces from
diaphragms to walls, concrete and masonry. There are specific problems
of anchoring dowels into walls, particularly masonry walls, to develop
the full tension capacity of the dowels. The actual shear value of the dowels
should be tested, if it can be separated from the shear-friction action.
The connection of diaphragms to walls is critical to the seismic performance
of a building and adequate dowels are not expensive to provide so we should
take a conservative approach to their capacity. However, the practical
limits of application should be kept in mind. How big a dowel is too big to
be adequately anchored in the wall? How close a spacing is too close to be
effective? There are certain limitations to spacing which are based on such
things as the core spacing in block walls. We really need dependable test
data and it should not be too hard to obtain. In the same vein, we need
tests to establish realistic shear values for bolts in concrete. The disparity
between the values for weld stud values and bolts needs reducing or explaining.
The relation between bolt shear, and dowel shear in shear-friction or
composite construction needs explaining.
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CONCRETE MOMENT FRAME
SEISMIC FORCE RESISTING SYSTEMS

Seismic codes, up to and including the 1958 VBC, provided a seismic
force formula which did not differentiate between seismic resistance systems.
The seismic load was treated the same as other loads, using the same
working stresses for design, except with a one third increase. This
certainly seemed to imply, and it was thus inferred by many engineers,
that seismic forces given by the code force formula were adequately
provided for with even less than the usual allowable stress safety factors.
However, the discussions preceeding the setting aside of the 13 story
building height limit for Los Angeles in 1959 showed considerable concern
about some aspects of this approach. There was general agreement amongst
those who had looked deeper into the seismic problem that tall buildings,
in order to survive strong earthquakes, had to have the ductility necessary
to allow not only design stresses, but also yield stresses to be exceeded
without failure. It was believed that buildings with steel frames had proved
this capacity in past earthquakes. However, concrete frames designed by
the usual procedures were suspected of being brittle and were therefore
prohibited as a seismic lateral force resisting system in buildings over
13 stories high. The door was left open for the use of concrete frames if
the required ductility could be proven, though no one knew exactly how
much ductility was needed.

When the first SEAOC requirements were adopted by the 1961 DBC,
the same general philosophy of design was carried forward. However,
this code provided a direct link between building period of vibration and
seismic force and it also provided a frame factor modifying the force for
mula. The frame factor for all moment resisting seismic frames was set
at.67. Both the period and frame modifiers reduced the design lateral
force for this system as compared to shear wall systems. However, the
Los Angeles code provision prohibiting the use of concrete frames in build
ings over 13 stories (or 160') high was included. This said, in effect,
that concrete frames as seismic force resisting systems were too suspect
to be used in buildings over 13 stories high, but were flexible enough to
be designed to lower than average seismic force levels in other buildings.
This apparent inconsistancy was simply the result of hanging on to empirical
judgment for the major part of building construction and yielding to theoretical
force predictions for the little tested tall buildings.

In order to qualify concrete frames for buildings over 13 stories high,
the concrete industry undertook the task of determining what it takes to
make a concrete frame adequately ductile for seismic design. A few spec
ially reinforced concrete frames were tested to prove that concrete frames
could be made adequately ductile, but the key work defining the needed
provisions to obtain ductile concrete frames was the PCA sponsored earth
quake design book. In chapter 5 of this book, Professor Newmark provided
an analysis of concrete tests into the inelastic range. In chapter 6, suggestions
were made for the design and detailing of concrete frames to provide for
ductile yielding. These two chapters were used by code committees as a
basis for Section 2630 of the 1967 DBC, which defined a ductile concrete
frame which could be used in buildings over 13 stories high.

Some of the requirements of Section 2630 were so complicated, so



difficult to design to, so restrictive, and so difficult to apply in the field
that no buildings were built exactly to this standard during the next few years.
For the few buildings over 13 stories high which were required to be designed
to this section, the building departments involved had to make some liberal
code interpretations to allow a feasible design. Some buildings under 13
stories high were designed to comply with their engineers own interpretation
of essential ductility requirements. However, since the code required no
special ductility provisions for these low buildings, non-ductile concrete
frames continued to be built. The need for ductility was now fairly well
recognized, but the need for some of the almost prohibitive provisions of
Section 2630 was not generally accepted. After long debates, caused
mainly by a shortage of the test data needed to settle the debates, a somewhat
modified and relaxed Section 2630 was included in the 1973 UBC and re
quired to be applied to all concrete frames. Today there are still many
provisions which severely limit the use of concrete frames as seismic
resisting elements and which are not well supported by test data. There
is also debate about how to comply with some of the provisions.

Chapter 5 of the BNC book looks first at the compressive stress
strain relation for concrete cylinders and finds that significant strains are
reached before failure. The strength in direct compression starts to degrade
after a strain of .20/0 but the degradation is not present for strains as high
as .70/0 or more in flexural compression because the compression block
changes shape with local yielding. The very great increase in compressive
strength and useful strain in compression cylinders under high confining
fluid pressures is then examined. A formula for the effect of fluid pressure
on compressive strength shows that the compressive strength is iricreased
by 4. 1 times the confining pres sure. It is shown that the benefits of fluid
confining pressure can also be attained by confinement reinforcing. A
formula for computing the confinement pressure of spiral reinforcing at
concrete compressive yield stresses was developed. It is stated that tests
indicate that "rectangular hoops may have a reduced efficiency of as much
as 50% ". On the basis of this statement and the formulas provided, it
can be shown that the UBC minimum confinement reinforcing provides an
estimated 25% increase in compressive strength of the core area. The
estimated confinement pressure at yield of the hoop steel is only equal to
.06 flc' or 300 psi for 5,000 psi concrete, but this is expected to allow
the development of compressive strains in excess of 1% without failure.

The rest of chapter 5 deals with ductility in bending and combined
bending, and the shear provisions necessary to assure ductile bending.
Most of the flexural ductility discussion involves the same considerations
which have been recognized in the development of ultimate design concepts
for concrete flexural members. The principal consideration is the assur
ance that the beam will yield in flexlzre by yielding the tension steel before
the concrete ultimate compression stress is reached. It is shown that
concrete confinement will increase the compressive strength and ductility,
but the key is still to limit the amount of tension reinforcement. Considerable
ductility is provided if shear failure is prevented and flexural tension
yielding is assured even without confinement of flexural compression.

Chapter 6 provides a discussion of needed design considerations for
concrete ductile frame. Four important points in the design to achieve
ductility are listed:
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L Use of transverse or shear reinforcement to make the strength
in shear greater than the ultimate strength in flexure.

2. Limitations on the amount of tensile reinforcement, or the use
of compression reinforcement, to increase energy-absorbing capacity.

3. Use of confinement by hoops or spirals at critical sections of
stress concentration, such as column-girder connections, to increase the
ductility of columns under combined axial load and bending.

4. Special attention to details, such as splices in reinforcement
and the avoidance of planes of weakness that might be caused by bending
or terminating all bars at the same section.

Section 2630 of the 1976 UBC provided for these four points as follows:

L The design ultimate shear capacity was required to be equal to the
shear capacity which may be induced by the sum of the beam moment
capacities computed on the basis of the specified material stresses.

2. The area of flexural tension steel was limited to insure tension
yield before compression failure.

3. Special transverse reinforcement was provided at each end of
columns, essentially as suggested in chapter 6 of the BNC book.

4. Special requirements, such as splice locations, were imposed
for reinforcing details.

The 1973 UBC contained revisions to Section 2630 directed toward
points I and 3.

1. The original requirement provided shear capacity for the specified
yield strength of the reinforcing, which is a minimum strength specification,
not a maximum. The cj> factor reduction for moment capacity was also
included by implication. The new provision requires the moment capacity
to be computed for a steel strength 125% of specified yield, and without a
~ factor reduction.

2. Providing rectangular hoop ties with a volume twice that of the
regular ACI spiral requirement, and with a limit of 250/0 help from cross
ties proved to be generally impracticaL The required ties were either so
large that they could not be bent to a tight rectangular shape, or they were
so closely spaced that concrete could not be placed properly. It must be
recognized that spirals do not have either the sharp bend problem or the
splice lap and hook problem. A volume of hoop ties twice that of spirals is
a lot of transverse reinforcement, particularly in small columns where
the required spiral volume is high. The need for this BNC recommendation
was therefore re-examined. First, the ACI formula for the required
volume of spiral does not really relate to the ductility problem, except
that columns so designed have proven ductile. The formula is designed
to provide additional capacity to the core concrete to make up for the loss
of the concrete outside the core under ultimate loading. The volume of
spiral reinforcement is thus related to the ratio between the core area and



the gross column area. Small columns therefore require a large volume
of spiral and large columns require a small volume. A reduction in '!> factor
provides this margin of capacity for axial loads for tied columns. It seems
that the formula for spiral reinforcement should not apply and the same
volume ratio for hoop tie confinement should apply to all columns. A
reduction in hoop tie requirements was also indicated by the fact that none
of the test frames had used the Section 2630 tie requirements and all had
performed satisfactorily. The 1973 UBC revision reduced the rectangular
column confinement tie requirement based on the spiral column formula to
a factor of 1. 33 instead of 2 times the spiral formula. Cross ties may be
used as needed and are required to be places at not over 14" apart in plan
dimension. This has made the confinement tie requirement practical, but
the question still arises as to whether the spiral formula relates at all.

A problem much more difficult to solve than the requirement for
confinement reinforcing in columns, is the need for confinement and shear
reinforcing in the joints. The shear forces are greatly amplified in the
joints and the practical difficulties of providing large amounts of reinforcing
in the joints are great. The proper analysis of joints, for diagonal tension,
diagonal compression, and confinement are still being investigated.

Section 2630 places many restrictions on concrete frame design which
were not suggested by the "ENC book. The dimensions of columns and beatns
are restricted to near the dimensions of the few test frames which have
been tested. More restrictive than this, however, is the requirement that
the bending capacity of the columns exceed that of the beams. Yield bending
of columns, which is already heavily protecte.d by the column confinement
requirements, is then prohibited. The effect of these requirements is to
reduce the use of concrete frames to a very small percentage of buildings.
Basically, the frames must be used the same as steel frames, as a structural
system which has architectural cladding. This turns out to be a strictly
economic alternate which seldom favors the concrete frame. Architects
often want to have the architecture and structure expressed as one in the
exterior building expression. Under the present UBC code, this can only
be if the architect wants to see a concrete frame of limited frame dimensions.

If all of the code limits are necessary to insure a safe building then
they are justified. But the need of many of these arbitrary provisions is
far from proven. The 1971 earthquake experience of the Olive View Hospital
illustrates this. Tied columns weak in shear failed very predictably,
causing almost all of the damage. The spirally reinforced columns not only
proved their ductile value but also proved that bending yield in confined
columns does not destroy their axial load capacity. These columns were
subjected to lateral loads and distortions well beyond anything anticipated
under our newest codes. The beams framing into these columns did not
conform to any of the ductile frame columns, and yet they caused no collapse.
Two essential features kept the hospital building from collapsing, elements
which did not fail in shear, and columns with spiral confinement. We come
back to the four essentials for concrete frame ductility enumerated in the
BNC book. It seems that many legitimate forms of concrete frames are
being eliminated by the code with a degree of caution not at all consistent
with the general treatment of seismic design. Tests of many frame config
urations could be of great benefit, not only for new construction, but also
to seggregate the real risks in existing buildings.
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Two areas of concrete frame design which could use research are the
combination of P /S and conventional reinforcing in concrete frames and the
real shear capacity of concrete colunms.

A problem with conventional reinforced concrete frames (as opposed
to steel frames) is that there is no option for the fixity of the joints. Verti
cal load beam end moments are always involved, whether they are needed
to support vertical loads or not. These moments, added to seismic lateral
force frame moments, complicate and handicap seismic frame design.
A prestressed floor system, designed to balance dead load moments,
provides joints which are relatively unstressed in flexure, except when
they are subjected to seismic forces. Conventional frame reinforcing can
therefore be provided to resist just the flexure due to seismic forces. This
system has merit but not enough research to gain general .acceptance.

The shear capacity of columns subjected to axial loads and concrete
creep and shrinkage depends on many factors, including the time factor.
It may never be possible to predict this capacity closely for any time factor
but the importance of column shear capacity warrants more research
than has been directed specifically to columns.



MISCELLANEOUS TOPICS

Bolt Shear Values and Concrete Bearing Stresses

Code allowable bolt shear values and bearing stresses have historically
been set at such low levels that they have always handicapped and confused
designers. In many cases the use of these low values leads to what seem
to be unrealistic design details and the basis for the values has been a puzzle
to most engineers. New values based on research are needed.

Concrete Mixes for Congested Reinforcing

Since the early days of concrete mix design the value of as large
size aggregate as can be readily placed has been stressed. The use of as
dry a mix as can be placed has also been stressed. Efforts to comply
with these principles has led to many job problems, with the congestion of
reinforcing which is often required for seismic design. However, it has
been found that one half inch or smaller aggregate are needed to insure
concrete strength with lightweight aggregate,and it is indicated that these
small-il.ggregate mixes require no significant increase in cement for a
given strength. The addition of a small amount of water makes the mixes
much easier to place properly and seems to require only a small amount
of additional cement, which does not significantly add to shrinkage. It
seems that this whole subject needs enough research to better advise
engineers regarding concrete specifications.

Detailing Reinforcing

The detailing of reinforcing, particularly for concrete ductile frames,
is very important to construction economy and seismic performance.
Research aimed at providing standard details acceptable to engineers,
fabricators, and contractors, is needed to improve seismic design and
construction of concrete systems. For instance, the limitation of round
column reinforcing patterns to 6 and 12 bar patterns is feasible and eliminates
the interference between horizontal reinforcing and column reinforcing
common with the random numbers of column bars. Square spirals would
solve many of the ductile column tie problems but neither the fabricator
or designer wants to go out on a limb with this detail. Efficient use of
bundle bars in columns needs research. If impartial practical research
could establish more standards for the detailing of seismic reinforcing,
everybody would benefit.
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PREFACE

When rereading his own notes, this author found them to project a
rather dim view of past performance in ERCBC. As well, the degree of
present understanding, from basic principles to practical everyday appli
cation, appeared to be rather minute when compared to the task. This
rather discouraging image of the situation at the designer's end is perhaps
the result of the author's relative ignorance as well as a feeling of lost
comfort that one previously had when everything seemed to be rationally
clear. Earthquake resistant design was far removed geographically or in
terms of scientific endeavor and its requirements where a matter of simple
application of an algorythm laid down step by step in the building code if
earthquake was altogether considered worthy of design measures and seismic
effects were not simply relayed to the category of "acts of God" one does not
even try to do something against.

If the comm.entary appears to sound a little irksome, this author
must ask forgiveness for relating a situation of uneasiness and confusion.
It appeared to be more useful to report on the state of the art including the
shortcomings, rather than to convey a polished picture of deceptive success.
Successes in ERCBC would be hard to prove in any case where the time of
test is not in our control. The conscience of most designers has been
awakened to the fact that in ERCBC there is something beyond blind appli
cation of a simple algorythm. This something, however, is quite out of reach
to date for a designer to practically apply.

In this sense perhaps the development can be seen as quite positive;
as the consciousness of possible and necessary improvement develops, so
does the feeling of confusion about things yet unknown, and the present would
only be the steep part of the way "per aspera ad astra".

Designers have designed and builders have built earthquake resistant
structures for more than a decade to the standards of the day, only to learn
subsequently that the standards had changed and the structure might just not
be as earthquake resistant as one thought it would, or the other way round
as the case may be. This has had a somewhat disquieting effect which this



author could not help but let penetrate in this commentary.

INTRODUCTION

The call for eathquake resistant design has been with the profession
for some time. It is forcefully expressed in Building Codes which are
equivalent to laws in most cases and must therefore be followed in letter
and intent.

Besides their function as legal documents Building Codes are also
sources of design information, sometimes even the only such sources available
to the designer, as in the case of ERCBC.

For the following commentary, the National Building Code of Canada,
1975 edition, shall form the basic reference as a good example of a modern
Code. The author confesses to the knowledge of some papers on ERCBC most
of which, however, do not provide design information directly but are comment
aries themselves on portions of building Codes, or on particular aspects, and
the Code still forms the m.ost com.plete and com.prehensive sedim.ent of know
ledge in the field, as well as the only one within reach of every designer.

The double 'function of Building Codes results in some problems for
the de signer, in particular when dealing with ERCBC. On the one hand he is
tied to the rules spelled out in the Code. On the other hand the Code when
followed to the letter, does not provide discharge from the designer's duties
toward the law. Recent court practice is reported to tend towards blaming
the designer anyway for a mishap, whether or not he complied with the code.
This is a consequence of the high priority our system of jurisdiction puts on
finding someone to blame and, maybe rightly so, the designer is considered
the only one who can be made responsible for the consequences of a mishap,
collapse or malfunction: if following the Code turns out not to be good enough,
he should have known better.

Follows the question, how he could have known better, which in the case
of ERCBC leads to a logical short circuit because no other sources of solid
information exist within practical reach of the designer.

If one approaches the design problem naively, the Code still provides
a set of quick kit rules for the faithful. Static equivalent loads are derived
following a sequence of empirical formulas drastically symplifying physical
reality, and these loads are then to be treated in the same fashion as any
other load effects. Special premiums are offered if the design complies with
another set of rules called ductility provisions. If one tries to rationalize
these rules, it becomes quickly evident that this cannot be done because the
relationship to physical reality is entirely empirical. Therefore, where
gaps and inconsistencies exist, or questions arise as to ranges of validity,
ways of application, or in cases that do not fit the classifications given along
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with the procedure, there is no recourse to the use of analogy, extrapolation
or similar ways of extending the recipe. In recent literature als 0, the entire
area of ERCBC seems to be very much in flux and solid indications to hang on
to are hard to come by.

LOAD EVALUATION

Let us examine first the methods pertaining to the establishment of
earthquake loading effects. When the faithful designer turns the pages, he
will find that the National Building Code, in Commentary K provides an
alternative method to the quick kit formulas which is based on the partici
pation factor approach. This method gives the impression of being based
on more in depth knowledge and less simplified notions of the analytical
problem in question. It requires substantial work on substantial computers.
Impressive amounts of figures are produced in the process which, by their
mere quantity exert some persuasion as to the trustworthiness of the results.
Joe Blow's quick formula however, has not left the mind of the designer and
he does what one does with shortcut methods of this type, he uses them to
check the results of the "better analysis".

And here it is where the puzzle starts to become manifest and confusion
descends onto our designer. Results of shortcut formulas in structural design
are expected to be within sensible limits of the "true" or "exact" ansers, say
within ten percent or so. When this is not so, doubts on the validity of the
methods used rise progressively with increasing margins of difference. In
the case of recent earthquake design codification, these doubts have reached
alarming levels, as Fig. 1 may illustrate. It represents a survey of some
typical projects (see Table 1 for short description). Compared are the
results of the quasistatic method and the "dynamic method" based on parti
cipation factors, both from the 1975 National Building Code of Canada. If
discrepancies exist for unusual structures like No 15, which is the CN Tower
in Toronto, this does not overly surprise or disquiet the designer because
obviously any empirical formula has its limits of application. Where on the
other hand, different methods yield considerable divergencies as shown in
Fig. 1, for structures that are well within the description the methods were
meant for, then the faith of the designer starts failing and the credibility of
the Code reduces. As the designer is hired with the mandate of designing
for economy, there is a very real compulsion to pick one's choice and apply
whichever method causes the lesser "trouble" in terms of expensive gimmicks
such as complicated reinforcing, extra stirrupts, and the general nuisance of
having to consider yet another cluster of ill defined parameters. On the other
side there is the sharp young engineer and City Hall who sits on the building
permit. He is not at all confused yet, and wants the Code followed to the
letter, whatever in his mind that letter amounts to. Due to this sort of
conflict, design decisions then tend to become a matter of expediency and
diplomacy, rather than rational deliberation.
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Since the designer has no practical way of putting the several m.ethods
to the test only the wise m.an rem.ains to turn to for help, perhaps in the person
of the secretary of the Code Com.m.ittee. Secretaries and other wise m.en though
have had a habit of being rather taciturn when it cam.e to the kind of questions
that sm.ell of sharing in responsibility, and the designer then finds him.self
facing a task he is not really up to.

The engineer is required to design buildings econom.ically as well as
to the standards the authorities im.pose, in letter and intent, and, beyond those
standards, to resist in satisfactory m.anner all loads or effects that m.ay occur.
This situation is quite precarious when instead of a consistent theory, only
em.pirical m.ethods exist that yield results in a wide scatter.

Again, the tem.ptation is great to take whichever m.ethod gives the
lesser trouble in term.s of design effort, m.aterials, and difficult explanations
to clients or City Hall. Earthquakes seem. to happen only in newspapers,
sufficiently far rem.oved in tim.e and space, and who is going to prosecute an
engineer when a m.ajor disaster has struck.•. This then am.ounts to a dism.issal
of earthquake resistant design as som.ething of lesser im.portance, following
the tested principle that som.ething so com.plicated cannot be im.portant, and a
m.ininialistic attitude is the result of it all.

If this author is allowed a shot at the probable reasons for the disturbing
inconsistencies that exist am.ong the various m.ethods to determ.ine earthquake
loads, it appears that, as ever so often, a problem. is being attacked with the
wrong m.eans, the m.eans having been selected on the basis of im.pressive looks
rather than real qualification for the task. Like the general who shoots with
a 32 inch gun on guerillas scattered in the m.ountains, we have adopted the
elastic theory as our weapon of choice, and we blast away with ever bigger
and m.ore sophisticated com.puter program.s on a problem. that lies som.ewhere
out of reach, nam.ely beyond the applicability of the elastic theory.

I f the effects of earthquakes are to be absorbed by a building in a
plastified state, the analysis should conceivably start with what we know about
that state, and the elastic theory be reserved to cases where it applies.

For the great m.ajority of structures it is assum.ed and adm.itted today
that they will indeed leave the elastic state in the course of an earthquake
with probable intensity and absorb energy and m.ovem.ents dictated m.ainly by
the ground m.otion directly rather than via the stiffness properties of the
structure. Should not then out design philosophy be centered around this fact
rather than the elastic m.odel we can not afford to let apply? From. this
angle it would appear that m.ethods like the "participation factor approach"
to the determ.ination of a loading pattern are of very little value. On the
contrary they tend to project a deceptive im.age of scientific rationality, covering
the poor state of our knowledge of the real problem.. Perhaps then, the quick
kit static approach is still as good as any m.ethod and, being com.posed of honest
fudge factors, a tool m.ore handy and transparent than pretentious elactic m.ethods.
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Indications seem to exist that the best strategy to deal with the problem may
lie in an entirely different direction than the determination of loads to be
resisted, and to base rules and thinking on deformations, motions and energy
rather than forces.

Certainly it will be difficult for the mind of the engineer who was edu
cated in the traditional way, to leave the path of thought that led him safely
from A to Z in all his previous design tasks. It always began with the setting
up of loads, it proceeded by providing a structure resisting these loads and
ended by providing proof through analysis that this resistance would occur in
a satisfactory manner, without undue side-effects impairing the serviceability
and safety of the structure. In most cases, it was expedient and rational to
select loads as the principal terms for expressing such design criteria.

In the case of ERCBC though, this traditional way of comparing loads
with resistance would seem not to have been successful for expressing criteria
of structural behaviour. No satisfactory and convincing method exists to
determine those loads, and another important fact can be observed quite readily
from Fig. 2.

In the inelastic range, the state of a structure is not des cribed well by
information about loading levels. If the hatched band in Fig. 2. is to suggest
typical information about loading levels, including uncertainties, it becomes
clear that a wide range of states of the structure exists that are all possible
as far as our typical knowledge about loading is concerned. In terms of safety,
stability and serviceability however, these states vary over a wide range, from.
buildings that show hardly any dam.age over to those where collapse through loss
of stability is im.minent. Therefore loads do not appear to be a useful way to
express criteria for building behaviour, once the structure is reacting princi
pally in a plastic m.anner. Perhaps then, ERCBC should center around other
terms describing building vehaviour, such as deform.ations and their conse
quences, or absorption of energy.

A tendency in this direction can be observed in recent editions of
building codes where rules are accum.ulating that deal with the effects of large
deformations, or with the limitations of such. Progress in this field seems
to be quite recent and still very much in motion; therefore many open questions
exist, some of which shall be exam.ined in the following.

DESIGN PRINCIPLES

If, for want of a satisfactory analytical approach to determ.ine building
behaviour in the traditional manner, other methods have to be found to achieve
the goal of earthquake resisting structures, a new set of principles must be
conceived as a basis for design. The basic terms of this seem to emerge in
the form of such concepts as ductility, after shock stability, second line of
defense, or the like.



In the following paragraphs, a number of considerations shall be
examined, relating to those new principles, and from the point of view of the
designer. He who has to accept without practical recourse what he is fed in
the building codes, presently has to make do with a collection of rules related
to the principle of ductility and substituting its application. These rules appear
to have been produced in a great hurry, implementing research information
freshly brewed from the lab, quite unlike some other design novelties such as
£. i. ultimate strength design, the principles of which were very well known for
quite some time prior to its implementation in official design documents.
Inconsistencies, unanswered questions and mis sing links therefore exist in
the somewhat confusing collection of regulations to be followed, and in some
applications the rules become outright restrictive, drastically limiting the
design options that existed before.

The tendency to have requirements included in codes before consistent
knowledge exists to support them, has been a disquieting trend in recent years
and ERCBC is not the only area where it happened. Another example of similar
importance is the field of design against progressive collapse where the Code
Committee saw fit to include a full-fledged requirement in the Code to this
effect before any notion was available to the designers on ways to do this.
It has caused considerable frustration to the designers that they have to follow
blindly a set of rules the basis of which they have not been explained. Since
the Code has the force of law, it is a risky game to wave it even where it
obviously does not make sense. In other areas, considerable gaps exist in
the variation of cases covered by the rules which cannot be bridged rationally
as no rationale exists among the different regulations. The designer is then
left to his own judgement which at this time he has had very little opportunity
to educate.

Ductility

The principle of ductility seems to become the centrepiece of ERCBC.
In search for a clear definition of this basic term, this author has spent
considerable time and effort, without much success. The exercise was
rather frustrating and turned up all sorts of "ductilities" depending on the
particular application, or the individual author. An unequivocal definition,
however, was not to be had ..• In spite of this, ductility appear s to be the
main pillar of faith in the field - a ductile pillar indeed in various respects.

Every structure, beyond the simplest single element arrangement,
exhibits a characteristic behaviour at high loads similar to Fig. 2. In most
cases, yielding or other energy absorbing proces ses start gradually while
most of the structure still remains elastic. The original stiffness of reinforced
concrete structures in particular, will vary substantially, yet remaining within
the limits of purely elastic behaviour, due to the lack of tensile strength of the
concrete and consequent opening of cracks.
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All characteristics exhibit a definite level of maximum load acceptance
followed by a more or less abrupt decline, due to loss of strength or stability
or both. What exactly does ductility mean when applied and demostrated on
this typical diagramme and which is really the point of failure against which
safeguards have to be measured? Is it the point of maximum load accept
ance, or a state somewhere beyond, perhaps where the structure will bec01n.e
incapable of bearing loads due to its own weight, and/or subsequent normal
events such as wind or a lesser shock. Answers to this sort of basic question
are urgently needed.

Inelastic Motion

Dynamics of inelastic structures is a field where knowledge seems to
be virtually non existent, in spite of the fact that we design buildings for this
very range of behaviour. In present building codes the gap in knowledge is
bridged by relating the supposed reality to the easier-to-analyse model of
elastic dynamics, via ductility. Ductility factors describe a maximum
range of deformations the building can supposedly tolerate without collapsing,
provided the deformations occur in a pattern resembling the elastic config
uration.

When it comes to predictions about effective deformations during and
after an earthquake, no information or methods exist at all and building
design is strictly limited to the only criterion of collapse. Other objectives
cannot be formulated presently in the realm of inelastic dynamics. This
means for the great majority of structures that we do not effectively know
what will happen to them with the only exception of an overall collapse that
we hope to have prevented.

If one looks at likely mechanisms in a structure responding with large
deformations to ground motions, it can be seen that the configurations of the
deformed building do not necessarily correspond to the elastic model. There
fore, energy distribution as well as the stability conditions can be dramatically
different, and the assessment of safety which was based on a ductility type of
relationship, appears rather questionable.

One example for this is illustrated in Fig. 3, where a typical building
frame is subject to ground motions. The most likely mechanism in a good
design is a beam mechanism with only a minimum of hinges in the columns
which are probably concentrated near the base. The column hinges will
result in large local deformations in the bottom storey, dramatically changing
the excentricity on that particular column section. Local instability may
occur without the rest of the building having deformed much, partially due to
the properties of typical characteristics for beams and columns. The example
in effect represents a case of very low system ductility, in spite of careful
ductile detailing and a mechanism that started off looking quite good. It cannot
be proved that a particular building will react in this fashion but it cannot be

disproved either. P~rhaps the illustration relates to a very construed case



but certainly one that is conforming to the code category of ductile structures
and is therefore equipped with the lowest strength reserves while earthquake
design loads were reduced by the maximum rebate.

Large Deformations

In buildings of high ductility it is assumed that considerable nonlinear
deformations will take place to absorb movements beyond the ones the building
will accept elastically. These large deformations themselves have not, until
recently, been made a subject of consideration. Obviously, after having been
subjected to a major shock, a ductile building will not return to its original
state of stiffness and deformation. Large internal stresses will be present
and energy absorption characteristics will have changed. Also, on slender
structures, the stability situation may have been affected. Analysis of even
relatively simple cases is out of reach for any such consideration, even for
a deterministic time history of a particular response, to say nothing of pro
babilistic evaluation.

Theoretically the particular configuration of a deflected building in
which it is left by an earthquake may not be very important, in practice this
is very much the case, because it will decide f • i. whether the building shall
be salvaged and repaired or that it must be condemned. Therefore the lim.it
ation of permanent deflecti.ons becomes an interesting objective. No clue
exists as to m.ethods for achieving this except that the Code discourages the
design of stiff structures by means of penalizing them with heavier earthquake
loads.

Stability

Another question arises around the second order (P- Ll ) effect. The
intent of Codes is obviously that it be accounted for, in spite of the fact that
statements to that effect have been placed rather inconspicuously or not at
all.

The P- 1:::. effect can be read off a characteristic diagramme like Fig.
2 in different manner. For instance in the elastic region it can be seen as
an increase of actual deformaticns over those caused by the lateral loads solely.
In the inelastic range this is not possible and the P- 6. effect can only be
measured in terms of effective reduction of the maximum resistance from
that which would be offered to lateral loads acting alone. Which one of the
two should now be introduced? Or is it as this author suspects, admittedly
based on rather primitive visualisations, that a "dynamic" P- 6. effect applying
to rapid shaking movements is yet another thing? The P- 1:::. effect is normally
evaluated elastically and while it amounts to only 5 to 10 percent for reasonably
stiff buildings, it is carried as a general correction and accounted for in overall
loading considerations - even this is not being done in every cases to this
author's knowledge, leaving it to the safety factors to take care of it. For

stubby and stiff buildings, that may not be of much consequence, however
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ductility and the "soft way" is being preached to us and inevitably, this will
be reflected in the general attitude of designers. We will see a class of
engineers who do not believe in strength as much as their fathers did but
who are accustomed to a "judo" type thinking which may conceivably get them
in trouble with the wind, the P- A effect, and the unfortunate tenants of the
top floors.

To summarize once more the feeling of the practising designer towards
ERCBC, it seems that he is required to utilize methods and rules that reach
him fresh from the kitchen, in a half-cooked state, as opposed to the solid
ends he is meant to achieve, namely "to make buildings safe". To determine
what exactly "safe" means and just how safe buildings should be made,
remains his own problem. We appear to be reverting, for better or worse,
to Hammurabi's law and presently the only high probability that can be safely
stated is, that many design engineers will have to be put in jail subsequent
to a substantial earthquake. In order to lower that probability, a substantial
increase in knowledge and comprehension will be necessary on the part of
the profession, and above all, a clear and consistent concept of the earthquake
resistance of structures.

PRACTICAL QUESTIONS

The following is a list of specific questions that had to remain unans
wered in the recent past, in connection with design cases most of which were
subsequently built, with the problem having been resolved to "our best judgemen
All comments are based only on ERCBC requirements as expressed by the
National Building Code of Canada, 1975 edition, and CSA Standard A23. 3, 1973.

1. The disagreement among the several methods for establishment of
loads has already been mentioned as a principal source of doubt
(Fig. 1).

2. The classification of structures in one of the K-factor categories has
been a m.ajor point of discussion. The requirements for "ductile"
structural elem.ents are very restrictive and in some cases lead to
impractical solutions. Therefore an incentive exists to circumvent
these requirements in some manner, by using different methods of
analysis or assumptions, "forgetting" brittle members etc. in order
to make the structure eligible for the premium ductile categories.
Lacking clarity in several respects facilitates this.

3. Ductility in general. When will it be possible for a designer to
evaluate ductility, based on a clear definition of the term, and his
knowledge of the structure, for instance in a form similar to Fig.
2. The ductility factor is presently contained in the K-factors of
the Code recipe. It cannot be varied beyond or between the few
categories that are stated in the Code.



4. The determination of the natural period of a structure is one of the
ingredients of ERCBC. For the quasistatic method expressions are
given to determine it and it is implied that other methods can be used.
Usually these other methods, sometimes with dressed-up assumptions,
can be made to produce m.uch longer periods, hereby yielding a subs
tantial rebate in earthquake loading. Since dynamic response to earth
quakes is a matter of more than just the first mode of vibration, it
would seem that its natural period is not really a parameter of such
eminence; even more so where the building response is in the
inelastic range anyway. If on the other hand this "natural" period
only represents a symbolic empirical parameter, then it should be
declared as such and the empirically determined factor should not be
replaceable by a "true" natural period.

5. The significance of the building dimension D is not explained. It
appears in various places in the algorythm of load determination.
Why would buildings react differently because of exterior dimensions?

6. Some questions concern the clarity of the rules for ductility classi
fication:

The 250/0 resistance of the ductile frame, must it be 25% at the
base or at every level, even when the frame, as is usually the
case, does not receive any such loads elastically?

The elastic load sharing between shear walls and frames, does it
have any real meaning at all for ERCBC ?

What is a complete ductile moment resisting space frame. Can
it include such elements as slabs, or columns integrated with
walls ?

If a frame has to resist 25% of the lateral loads, how should this
load be applied on the frame. In its elastic state, disregarding
the shear wall, or in which other manner ?

What is the basis of the 25% rule ?

When there are shear wall-type elements in a building not capable
of resisting the total load, but a frame that does so, how must
these shaftwalls be reinforced? And how much load can be
assigned to them?

7. In many cases the theoretical prevention of uplift at the foundation
becomes a major problem for the design of shear wall/frame buildings.
Is it really necessary to counteract completely a momentary uplift
of the core, or what sort of criteria or philosophy should be applied.
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Many people believe in the usefulness of rock anchors for this purpose,
sometimes ignoring the limited durability of such structural elements.
It is hard to visualize a building overturning due to uplift at the found
ation in an earthquake, with shocks in both direction rapidly altern
ating.

8. A notion exists that buildings should be tied together at the foundation
level. Why?

9. The zoning of earthquake intensity appears to be very crude, and since
the participation factor approach allows to base the loading assumption
on ground acceleration figures rather than zones, it becomes a matter
of geography which method is the more "economical". F or instance
at a place like Quebec City, a ground acceleration of 7.1 places it in
zone 3 which als 0 includes locations like Victoria with 11. 1 or the
notorious La Malbaie with 49.5. For the sharp designer then it pays
to use the K factor approach for La Malbaie and Victoria, but the
participation factor ver sion for Quebec. This is obvious nonsense but
it is not clear how the inconsistency should be resolved. Couldperhaps
the static m.ethod be adapted to ground accelerations where known
instead of zones.

10. Very often buildings are combinations of different structural elements
and elastic analysis, if it is at all capable of producing meaningful
results, is of limited value. Many buildings with major elements of
masonry, precast concrete, or tim.ber, belong in this category. When
there is no sensible elastic m.odel of the structure, what methods
should be applied to determine loads?

11. The Code requires that building:;; either be separated by a sufficient
distance or that they be constructed integrally. This seems to rule
out the use of conventional expansion joints, a restriction which is
obviously impossible to apply because expansion joints are needed.
A complete separation of two building portions would mean a gap of
many inches at upper floors which will have to be bridged somehow.
How? Can this requirement be supported by real experience?

12. Very often, existing structures are entering consideration that were
designed to older less restrictive standards or to none at all. In the
theoretical fulfilment of his duties, an engineer would have to condemn
those structures as soon as he has been exposed to the knowledge of
those facts, and refuse to be involved with them, unles s they are fully
equipped subsequently to comply with ERCBC. No criteria exist either
to guide the designer in this decision, or, in case the existing structure
can be assessed and improved, on ways and means to do this.



13. Ductility requirements are very complex and in many cases their
relevance is anything but transparent. In some instances discrete
classification replaces gradual adjustment of some parameters, in
the same sense as the earthquake zones replacing the ground acceler
ation.

The following particular points have produced difficulties and doubts
recently:
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13. a

13.b

The requirement for ductile shear walls to avoid brittle fracture of
the section in some cases necessitates enormous amounts of reinforcing,
as well as the incentive to reduce thickness and length of the walls,
because the reinforcement to be provided is proportional to the section
modulus. At the same time the requirement can be waved in the upper
half of the building, if a plastic hinge is not expected to develop. Why
exactly the upper half and what criteria are to be applied to establish
the absence of an expected plastic hinge. Since the reinforcing in
question can be quite substantial in terms of cost and nuisance, this
becomes an important point, more so than it might seem philosophically.

The corollary requirement for column type ties around the concentrated
reinforcing at the ends of the walls appears to have a less than solid
basis. The concentrated reinforcement has been determined for a
tensile ductility criterion. Why then should it be tied as in a zone of
high compression even if that compression never occurs, as can be
shown in some cases?

The concentrated reinforcement is presently not restricted in terms
of density. As there is some incentive to accumulate all of it at the
very end of walls, the density should be limited, £. i. by relating it to
similar restrictions for columns.

For columns similar questions can be raised. Plastic hinges should
if possible be kept away from columns, or so one is advised. In
most cases this will be a result of high cOlupression load in columns
anyway and plastification occurs in the beam. Why then must all
columns be equipped with the special confinement reinforcing near the
joints, even if no plastic hinge will ever occur in these areas? This
confinement reinforcing has been found to be a major problem practic
ally because it requires special persuasion as well as very extensive
field checking from the engineer. It also makes for a substantial
quantity of steel, as well as for increased complexity with placing
the concrete. Is the severity of this requirement really based on
solid factual ground, and does it have to be applied as generally as
it is nOw spelled out? Ridiculous cases are quite frequent where
confinement reinforcing must be placed in massive main columns at
every intersection with floor bleams, regardless of proportions.
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l3.c Slabs and sometimes walls resisting forces transverse to their centre
plane are often the maj or elements resisting lateral loads. As they
are generally considered member s of the family of ductile building
elements provided the degree of reinforcing is within certain limits,
would this be applicable in ERCBC too, or are narrower limits to
degree of reinforcing needed, or other restrictions to make them
eligible as ductile structural elements ?

At this time, a flat slab building cannot be classified in terms with
any method and opinions of considerable divergence exist among
designers as to the value of flat slabs, as lateral load resisting
elements. The same applied for walls or wall columns.

13. d The distinction between a column and a wall becomes important in
ERCBC. It is not given anywhere, and no limitation or catalog of
acceptable columns shapes exists. In practice, many column sections
occur;among them are oblong, L, T or Z shapes, often in connection
with flat plates. At this time the designer is left more or les s to his
own taste in declaring as wall or column whatever he pleases with aU
the consequences in reinforcing requirements. Again expediency or
other considerations foreign to ERCBC will then decide on the design
features where better advice is lacking.

14. Prestres sed or posttensioned structures are built everywhere in the
world, and therefore they will als 0 occur in areas of high earthquake
risk. No rules, however, seerrt to exist to deterrrtine or to design for
ductility; and in this case in particular, the designer's own conjectures
will not yield any clue as to what may be pos sible, advisable or required,
This author haS to confess to the rejection of aposttensioning alternative
on a particular project, one of the principal reasons being that he was
unable to establish any notion relating this method of construction to
ERCBC, in order to live up to the intent of the Code. It can surely
not be the intent of a Code to rule out an entire method of construction
such as posttensioning. What then is the state of the art in this
respect ?

15. In some cases difficulty exists with establishing the effective ground
level, i. e. the level at which the resultant earthquake shear is imposed
on the building. Which criteria should be applied?

16. Vertical accelerations are reported to occur in connection with earth
quakes. The Code does not make any reference to these. What is
known on the amounts and effects of vertical accelerations and what
provisions if any are to be designed for?

17. lnfill elements are usually disregarded in structural analysis. Some
times this includes blockwalls, partitions of various types, or facades



which are of considerable stiffness and sometimes even strength
and/or ductility. In photographs of post- seisITlic conditions it can be
observed that ITlany of these elements are still in place, sometimes
not even damaged. What is the philosophy about these elements?
Is it conservative to assume that all brittle elements will be knocked
out and out of order, or can they have deleterious effects on the load
carding structure, f. i. the ductility of a frame ?

18. Are there any rotational components in seismic ground motion, and if
so, in which sense. What are the consequences?

19. What has happened to the "soft storey design" that was proposed some
years ago? Are there any definitive arguments for or against it ?

CONCLUSION

Earthquake resistant design appears to have reached a state of stag
nation where no real progress is being achieved. The usefulness of the
das sical tool, the elastic theory, is exhausted and a dual obstacle blocks
the way to further improvements. This obstacle consists of a lack of a clear
definition of principles, and of a lack of comprehensive experience with the
field of postelastic behaviour.

A discrepancy exists between the assignment of efforts to the various
phases of ERCEC and to their relative importance. Great sophistication and
emphasis is concentrated on the determination of a set of loads by means of
algorythms based on the elastic theory. They deliver one particular model
of dynaITlic behaviour which immediately after, is qualified as not being the
right one, because one can not afford to make structures that stand up to
its demands. (a notable exception in this respect are structures related to
nuclear reactors which are designed for fully elastic and uncracked behaviour
during a 1000 year earthquake, or similar criteria. Perhaps rightly so,
the fear of the general mess created by a fractured nuclear vessel is so ITluch
greater than for the structural collapse of another building, that the additional
cost in materials is acceptable).

Faithfully, designers have developped ways and ITleans to analyze
the elastic model, to a considerable degree of sophistication and capacity.
Large computer prograITls exist capable of analyzing substantial structures
dynaITlically with considerable accuracy. Interaction with a given earthquake
record can be calculated without undue difficulty. However, this is where
everything comes to a halt.

Beyond the elastic ITlodel and its possiblities only a ITlaze of factors
and extremely crude eITlpirical procedures can be found to represent the
inelastic range. Because no consistent concept of these events seeITlS to exist,
contradictions, inconsistencies and gaps are left in the coverage of design cases

by these rules. For the same reason these gaps and inconsistencies cannot be
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resolved by the designer. Knowledge of the principles is needed, and only
when the key terms will be explained and defined clearly can logic be employed
in ERCBC. Without these principles no set of empirical rules will ever be
consistent and complete but contradictory and complex.
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TABLE TO FIG. 1

floors & bays structure height sources

1. 3 storey, 1 bay portal frame 35' author's office

2. 10 storey, 1 bay portal frame 120' "

3. 12 storey walls 105'

4. 11 storey wall - high shear 152' "
area

5. 11 storey wall - low shear 152' "
area

6. 40 storey wall - frame 540' "

7. 25 storey frame 310'

8. 15 storey shear wall - frame 178' * J.B.Rainer (3)

9. 14 storey shear shall 155'

10. 10 storey wall + flat plate 100' author's office

11. 26 storey +
observation tower wall + frame 460' Tso & Bergman

(1)

12. 3 storey wall + flat slab 40' author's office

13. 3 storey flat slab 40' "

14. 2 storey flat slab 25' "

15. eN Tower multicell shell 1800' "
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WORKSHOP ON EARTHQUAKE-RESISTANT REINFORCED
CONCRETE BUILDING CONSTRUCTION (ERCBC)
University of California, Berkeley, July 11-15, 1977

USER NEEDS FOR IMPROVING EARTHQUAKE-RESISTANT

REINFORCED CONCRETE BUILDING CONSTRUCTION

by

Edwin G. Zacher
Structural Engineer

H. J. Brunnier Associates

INTRODUCTION

There are many areas of Earthquake-Resistant Reinforced Concrete Building Construction where
our knowledge of the behavior of concrete components under the effects of earthquake motions is
incomplete. I am going to confine my remarks on user needs to diaphragms and shear walls.

There has been a large concentration of effort on frame design, both in the testing of frames and
frame components and in the development of computer analysis programs. The performance of
shear wall construction in recent earthquakes has been relatively good in comparison with concrete
frame construction. There have been areas where weakness or overstressing have been evident.
Many of the areas of weakness do not provide ground for further research but only re-emphasize
what has been observed many times in the past. Concrete construction must conform to the best
practice and good control must supplement good design in order to accomplish this.

There are, however, adequate areas of uncertainty in the behavior of diaphragms and shear walls
beyond those weaknesses to warrant considerable effort in testing and analytical development.

DIAPHRAGMS

Most analyses, including the majority of the computer programs in general use, are based on the
assumption that the floor and roof diaphragms in reinforced concrete building construction are in
finitely rigid. This assumption is probably valid for buildings in which the vertical seismic resisting
system is in the form of moment resisting frames. There are other extremes where long slender dia
phragms are used with low stiff shear walls where the assumption is clearly not valid. I believe that
we need to establish criteria for determining the limits for which the assumption of infinite rigidity
is valid.

In line with the need for establishing the above criteria we should review our procedures for de
termining the section properties of the diaphragms and the deflections which will result from ap
plied loads. I believe the general practice is to consider the slab as the web of a deep girder and the
edge beams or spandrels or walls as flanges. I have some reservations, considering the deep beam
effects, on the validity of this procedure and would like to have the reservations resolved.

There is one publication, the Tri Services manual "Seismic Design For Buildings", which estab
lishes a limit on diaphragm shears based on slab depth to span ratios. I am not aware of the back
ground for the limitation and feel that investigation in this area is warranted. This investigation
should establish whether there is need for such a limitation and the criteria for setting the limits if
they are needed.

Most diaphragms have openings which should be considered in their design. These might be con
sidered much the same way we account for openings in the webs of steel girders. The question
again arises as to the applicability of these procedures with deep beams. I believe a program of
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testing of diaphragm models with various sizes and locations of openings simulating the more typi
cal construction layouts would be beneficial. This testing would provide data on the effect of the
openings on diaphragm deflections and on localized stresses at the openings. The data could then
be used to formulate criteria for the design of the "chords" at the edges of openings, including the
required extension of the "chords" beyond the edges of the openings.

Diaphragm deflections affect structural and non structural components connected to the dia
phragm. Excessive deflections can adversely affect the performance of structural components and
the connections of non structural components. The out of plane bending of a shear wall would be
an example of a structural component that requires a limitation on diaphragm deflection to assure
that the wall will retain its seismic resistant capacity for in plane forces. There is a need to estatab
lish the deflection limitations for the various components which will be attached to the diaphragms
and at least the one I have mentioned is directly concerned with E R C B C.

SHEAR WALLS

Many of the areas of uncertainty in the behavior of shear walls are similar to those for dia
phragms and can be answered by the same sets of tests or investigations. The effective "flange" ar
eas to be combined with the shear wall "web" is one common area.

Many shear wall configurations have "flange" areas which are connected to other components
by "coupling beams" and these have an effect on the actual stiffness of the shear wall as it responds
to the earthquake motions. Experimental work with walls of this type could provide insights into
their relative behavior in comparison to walls with flanges only.

There have been several occurances in past earthquakes where shear wall structures have exhi
bited evidence of rocking on their foundations. This type of response changes the displacements
which the components of the structure experience. The distribution of seismic forces to the vari
ous components, where the components have different properties, determined with the rocking ef
fects considered will differ from the distribution determined considering fixed base conditions.
There are modeling techniques for simulating this condition using "soil springs where the soil pro
perties have been established by site investigations. The modeling is based on theory and I am una
ware of any testing which might verify the validity of the procedures. It would also be beneficial
to have some simplified procedures for approximating these effects on smaller buildings when a full
site investigation is not warranted.

Shear wall structures have, in the past, been considered to perform in a non ductile manner.
There have been a number of papers on new techniques and reinforcement patterns which indicate
that a high degree of energy absorption can be obtained without deterioration of the walls. There
should be additional work done in the testing and evaluation of special shear walls.

Shear wall tests have been confined to components with or without end enlargements such as
columns or flanges. The behavior of shear walls with intermediate columns and openings has not
been established. I have been involved with a building having such a configuration. I would like to
have test results from similar configurations to compare with my assumptions and provide guidance
for others confronted with similar problems.

ANALYSIS

New computer programs which would account for the effects determined by testing of dia
phragms and shear walls will be needed for maximum benefits to be realized from the experimental
programs.



Present programs of which I am aware employ panel units in conjunction with frames or use fi
nite element procedures. The latter procedure will provide a good model for a wall of constant
thickness with openings. The "flange" effects and effects of "coupling beams" in the "flange"
walls may not be adequately incorporated in such modeling. The results using models with infill
panels in frames have not been completely consistant.

CONCLUSION

The workshop should provide a good forum to review the needs for research to improve Earth
quake-Resistant Reinforced Concrete Construction. I hope that my questions may provide some
grist for the mill.

There is one area where the workshop may be of major help to people like me. The volume of
research which is conducted is not readily available and where it is available there is insufficient
time to review the material. A compilation or synopsis of the research and findings would be wel
comed by the practicing engineer.
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WORKSHOP ON EARTHQUAKE-RESISTANT REINFORCED
CONCRETE BUILDING CONSTRUCTION (ERCBC)

University of California, Berkeley, July 11-15, 1977

EARTHQUAKE RESEARCH AND USER NEEDS

by

Boris Bresler *
Professor of Civil Engineering

University of California, Berkeley

INTRODUCTION

In evaluating earthquake research as it pertains to user needs, both
technical objectives of specific research projects and broad societal goals,
such as reducing injury, life loss, and the soclo-economic dislocations
following a major earthquake, must be considered. As the task of reviewing
technical objectives has been assigned to the workshops, my task is to eval
uate earthquake research and its relationship to user needs on a broader
scale.

Research programs dealing with earthquake resistant reinforced concrete
building construction cannot be separated from other areas of research that
bear on the overall seismic hazard of concrete buildings. Subjects related
to assessing and reducing life hazard and damage, such as seismic zoning,
earthquake risk analysis, hazard abatement in existing buildings, hazards
in nonstructura1 components of bUilding systems, and concomitant earthquake
hazards such as fire and release of toxic chemicals, must be considered.

In assessing the relationship between earthquake research and user
needs, a number of questions must be answered. Some important questions are:

1. Are researchers and users asking the right questions?

2. Are users taking advantage of research results?

3. Can the rate of achieving the societal goal of mitigating
hazard be improved, and if so how?

Although the above list by no means exhausts the number of questions that
must be answered in order to assess fully the degree of success of current
research programs, they reflect primary concerns. Given the limits of this
review and the subjective nature of answers to the above questions, the
following assessment is not definitive.

*On leave 1977-18, Senior Consultant, Wiss, Janney, E1stner &Associates,
California Office, Emeryville, California.
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ARE RESEARCHERS AND USERS ASKING THE RIGHT QUESTIONS?

To clarify this question it is necessary to examine who are the
researchers, who are the users, what questions have been asked, and what
criteria would be appropriate to judge the aptness of such questions.

A researcher must have two essential characteristics: the ability to
inquire carefully into a well-defined subject area, and to disseminate
results of this inquiry through publication.

Research is not limited to schools and universities where faculties
are engaged in (more or less) careful inquiry, trying to discover (more or
less) relevant facts about a specific subject. An equal and perhaps even
greater number of researchers are engaged in similar investigations in
governmental, industrial, and private research institutions.

Two distinctions may be drawn between university and nonuniversity
researchers. University research also serves as training for students who
in the future will become either researchers or practicing professional
engineers. The university researcher is more often than not a part-time
researcher and part-time teacher or student and is under considerable
pressure to publish. Publication is his bread and butter, just as meeting
client needs is that of the design professional. The nonuniversity researcher
is more likely to pursue short-term, mission-oriented inquiries. While he may
be a full-time researcher and is often protected from the publish or perish
syndrome, this protection has the effect of delaying publication.

Although it is more difficult to define users of research, two main
categories may be identified. The first consists of researchers who must
assimilate prior findings in order to maintain continuity in newly initiated
inquiries., In the second category are those who seek to translate research
findings into practice. Representatives of industry and industrial research
organizations who participate in translating research findings into practice
through serving on various technical committees fall in this category.
Professional engineers who keep abreast of research findings in areas directly
or indirectly related to their professional practice and are often not reim
bursed for their time also fall in this category. While representatives of
academic research groups also serve on technical committees, it is more often
than not the representatives of industry and practicing professionals who are
chiefly responsible for the content of codes and standards that affect the
safety and cost of structures.

Another user group that may not participate actively in translating
research into practice, but is nevertheless important, consists of designers
responsible for all phases of planning, design, and construction of projects,
and consultants on special aspects of design projects. Here again the user
and researcher may be the same individual, wearing different hats depending
on the task being performed. Finally, the most important although passive
user group is the public, including private investors, public institutions,
and occupants.



It is essential to determine whether researchers and users are
asking the right questions, i.e. whether solutions to their questions help
to achieve societal goals of mitigating life hazard and reducing socio
economic disruption. Questions asked by users are more difficult to identify
than those asked by researchers. It may be assumed, however, that users'
questions are communicated to researchers in formal and informal ways, and
are reflected in work carried out by researchers. In Table 1 (page 6),
a list of subject areas related to earthquake engineering research and
reflecting questions asked by researchers has been compiled partly from
the agenda of this workshop and partly from general subject areas covered
in earthquake engineering publications.

Whether researchers are asking the right questions is determined by
the extent to which appropriate solutions to salient problems are provided.
It is relatively easy to demonstrate that practice has improved remarkably
as a direct result of research conducted over the last fifteen to twenty
years.

1. Studies of seismicity, strong motion records, and earthquake risk
have substantially improved seismic zoning maps.

2. Advances in geotechnical and structural engineering have
enabled designers to account more reliably for soil-structure
interaction.

3. -The importance of higher modes of dynamic response in some
structures has been generally recognized and, where appropriate,
can be accounted for in design.

4. Greater knowledge of energy absorption capacity and failure
mechanisms of different structural systems (fr,ames, shear walls,
and combined systems) has led to improvements in design criteria,
material selection, and detailing requirements.

5. Field observations, including vibration measurements on buildings
and comparisons of observed damage with predicted response, have
also contributed greatly to improvements in design criteria and
detailing requirements.

While this list includes only a few instances of significant advances and
improvements in design directly linked to research results, it can be
concluded that researchers are prOViding at least some appropriate solutions
to salient problems, and thus have been addressing meaningful questions.

There are, however, significant gaps in current research, and some
areas already under investigation must receive greater emphasis. From the
user's point of view (where the user is defined as the public at large and
not just as the design profession), three main areas must be addressed:

1. Damageability as a limiting design criterion for both structural
and nonstructural building elements should be defined quantita
tively.
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2. An integrated hazard evaluation wherein earthquake-related events
(failure of mechanical systems, release of toxic materials, fire)
are accounted for should be developed. The risk of seismic
hazard cannot be properly assessed and hazards can only be par
tially reduced until concomitant risks are considered.

3. A better method of assessing potential earthquake response of
structural systems in existing buildings that do not conform
to 'ideal' systems being researched should be devised. Some
of these building systems are no longer permitted under codes,
but are frequently encountered in existing buildings. To
estimate the risk represented by such buildings, more precise
information on performance is required.

Research programs related to the first two areas have been initiated,
but the writer knows of no broadly based research program dealing with the
third. Given the past performance of the research community, these
challenges will not go unheeded long, and solutions will be forthcoming.

ARE. USERS TARING ADVANTAGE OF RESEARCH RESULTS?

Design criteria for earthquake resistant structures, particularly for
reinforced concrete structures, have been improved significantly. In suc
cessive editions of SEAOC "Recommended Lateral Force Requirements and
Commentary," in proposed revisions of Appendix A, "Special Provisions for
Seismic Design" in the ACI Building Code Requirements for Reinforced Con
crete, and in ATC's "Final Review Draft of Recommended Comprehensive Seis
mic Design Provisions for Buildings," it is clear that research results have
been employed extensively by users. However, research results are applied
neither universally nor rapidly in practice. Delays in applying research
findings arise from the need to evaluate and interpret results critically
before they are accepted into practice. A healthy approach to innovation
must proceed with deliberate speed, and must be accompanied by a careful
evaluation of real benefits; innovation without improvement has no merit.

A case in point is that of the development and gradual acceptance of
computer programs for analyzing the dynamic response of structures to
earthquake motions. A great many designers have used such programs to
evaluate and refine preliminary designs. While these methods have not and
may never be accepted universally, the number of structural engineers using
such programs has been growing steadily.

Results of some investigations may be useful in advancing knowledge
of parameters affecting structural response without finding specific
application to design problems. The importance of such research is in no
way diminished.

Users must bear a good deal of the responsibility for critically
weighing and evaluating research, and for finding appropriate applications.
In a few areas, users have not yet recognized the potential of research
results to improve practice. The interdependence of structural response



history and structural characteristics is not sufficiently recognized.
Most designers calculate loading or response to loading without considering
changes in structural characteristics that are dependent on loading history.
Thus, effects of cracking or changes in stiffness are ignored, as are
effects of repeated cyclic inelastic deformation (low-cycle fatigue) on
strength and energy absorption capacity. Both analytical and experimental
research clearly demonstrate the interdependence of structural resistance
and loading history, yet they are treated separately in most codes.

The need to integrate seismic hazard evaluation with assessment of
concomitant hazards, such as fire, has also been largely ignored. Tradi
tionally, fire and earthquake resistance have been considered separately,
leading to a number of design anomalies and an overall reduction in safety.
If it were recognized that fire and earthquakes are closely related,
refinements in criteria that would simultaneously simplify design and
increase safety could be readily introduced. For example, a requirement
that one-third of maximum positive reinforcement and maximum negative
reinforcement be continued beyond theoretical cut-off points would greatly
reduce potential damage and hazard of collapse due to seismic load reversal
and thermal gradients from fire. Other recommendations are more difficult
to formulate, although available analytical methods could be used to
develop such provisions.

CONCLUSIONS

In considering how the rate of achieving societal goals of hazard
mitigation might be improved, I find no reason to conclude that this rate
has been too slow. On the contrary, given the magnitude of the task,
remarkable progress has been made in translating research results into
practice. Nevertheless, certain measures might improve the current rate
of assimilation:

1. Research efforts with long-range objectives must be increased
to support any program attempting to implement results more
quickly.

2. An increased rate of implementation will require greater numbers
of professionals with the capability, training, and experience to
evaluate and screen research.

3. Closer cooperation and more effective communication between
researchers and users are essential. Research advisory committees
and professional consultants help to promote communication, but
such input is necessarily limited by the short period of engage
ment. Designers must be willing to accept leave from practice
and to engage in full-time research for periods of one or two
years. Conversely, res~archers taking leave from universities
must be willing to engage in full-time professional practice for
similar periods of time.
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TABLE I SUBJECTS OF EARTHQUAKE-RELATED RESEARCH PROGRAMS

I. Engineering - Seismology

Seismicity, Strong Motion Records
Seismic Regionalization and Zoning
Local Site Seismic Characteristics
Earthquake Risk (statistics, probability analyses)

II. Dynamics of Foundations

Soils and Rocks - dynamic properties and behavior
Soil-Structure Interaction
Foundations - Footings, Rafts, Piles, Retaining Walls 

dynamic behavior, earthquake response

III. Dynamics of Structural Materials

Mechanical Properties and Performance
Concrete
Steel - reinforcing and prestressing

IV. Dynamics of Structures

Conceptual Choice of System - foundations, moment-resisting frames,
floor systems, frame-wall systems, prestressing, prefabrication

Methods of Analysis - preliminary design, linear and nonlinear
dynamic analysis, nondeterministic analysis, modeling and
computer programs

V. Experimental Investigations - Comparison to Analytical Predictions

Reduced Scale Subsystems - foundations, moment-resisting frames,
floor systems, frame-wall systems, prestressing, prefabrications,
elements, and subassemblages

Large or Full-Scale Subsystems - subassemblages and model buildings

VI. Field Observations

Vibration Measurements
Effects of Earthquakes on Structures - Damage
Comparison of Observed Damage to Predicted Response

VII. Design and Construction

Codes and Standards
Quality Assurance

VIII. Natural Disaster Hazard Mitigation

Damage Assessment and Repair
Hazard Abatement in Existing Buildings - Strengthening
Integrated Hazard Evaluation - earthquake, fire, tsunami
Earthquake Prediction
Socio-Economic, Legal, and Political Aspects
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INTRODUCTION

The purpose of this paper is to review research that has been performed
related to the earthquake resistance of reinforced concrete structures and
comment on its applicability from a user's viewpoint. If this paper were to
review and comment in detail OP the many recent projects in this area, it would
take months to prepare, fill a book, shatter many egos and probably not con
tribute anything constructive to this workshop. Therefore, this paper will
present some general comments on the applicability of completed and present
research, on what the user needs and expects from research in this field and
how, perhaps, future results can be made more usable.

GOAL OF EARTHQUAKE RELATED RESEARCH

The primary goal of earthquake related research is to improve life safety
considerations in the event of an earthquake. This goal is simply to save
more lives. A secondary goal is reducing the damage in structures subjected
to earthquakes, thereby reducing the resulting economic loss. One might say
that the goal of a particular research project is to learn about the performance
or strength or characteristics of a particular structural element, system or
material. However, the ultimate goal is to utilize that research in providing
safer buildings for the public in seismic areas. It is this ultimate goal on
which I will evaluate the appicability of research.

There are two primary types of research - basic and applied. Basic re
search is the study of problems simply to learn about them, without any specific
application. Although we depend on much basic research in earthquake engineer
ing, I am not going to discuss it in this paper. Rather, I will concentrate on
applied research - the transformation of basic research with additional experi
ments and studies into results which can be applied to real, practical problems.
This is the research of use to the structural engineer to fulfill the basic
goal of providing safer buildings.

The needs of the profession and the potential users are so extremely
important in planning and executing a major research project that it really
shouldn't need mention. Although, too often these considerations are overlooked.
The user, the practicing profession, is looking for detailed studies with clear,
concise conclusions presented together with all limitations of the research.
He is looking for simplier ways to analyze or design, not more complicated
methods. He is generally not interested in complex analysis which comprises
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pages of partial differential equations in the ASCE's Structural Journal.
He would prefer that "publish or perish" in academic circles was not a
reality. He is looking for practically oriented results which provide safer
buildings, which reduce design efforts and which do not omit important limi
tations which might cause a project to have problems and resulting litigation.
These needs and desires of the profession must be understood if research is to
be useful to the practicing professional.

THE APPLICABILITY OF RESEARCH

Considerable earthquake related research is currently underway and much
more is anticipated, especially with the possibility of increased federal
funding in this area. Some of the recent research has been excellent and is
finding its way into practice. However, an equal or greater amount often
misses the need and becomes little more than another volume to line a library
shelf. This paper hopes to touch on a few points which might improve the
usability of such future volumes.

Possibly the most important aspect of generating useful earthquake related
research is properly conceiving sound research in the beginning. If the re
searchers does not start off with a sound and reasonable approach, things will
only get worse. On occasion I receive research proposals from the National
Science Foundation for review. I am often amazed at the complete lack of
understanding of a problem that is displayed in some of these proposals. Some
researchers tend to have no idea how structures are designed nor how they
perform. This Ivory Tower image is very real and, unfortunately, results in
some low quality research of limited practical value.

One way to improve this situation is for the researcher to gain some
practical experience and knowledge. Some of the best research generated is by
researchers who have spent a few years during their careers designing structures
and working in a practically oriented design job. How many research professors
have considered spending their sabbatical year working in a consulting engineer
ing office performing routine and/or specialized structural engineering chores?
I don't mean performing sophisticated computer analysis of some special or
unusual problem, but actual building design and detailing and possibly repair
ing a few distressed structures. I realize that this is not as glamorous as
spending a year in some foreign country as a visiting professor or lecturer
and doesn't gain the international awareness, but it might result in more
practically oriented research which would certainly benefit the profession.

The Advisory Committee is another method which can be of some benefit in
steering research along a practical road. Such committees are becoming more
widely used, especially on NSF funded projects. The Advisory Committee can
help, but it must be able to supply strong input at the beginning of the
project. The researcher or research team must also be willing to accept some
advise and consider alterations to the research plan, which is not always the
case. Furthermore, the Advisory Committee usually does not receive sufficient
progress reports or information to keep them up to date on the progress of the
program. The receipt of volumes of reports one week before a once a year



meeting is hardly adequate, but it is the way it is often done. For AdvisQry
Committees to be effective, they must be willing, kept well informed, and be
able to offer advice to a researcher who is grateful and will consider and use
advice.

Another variation on the Advisory Committee which might be helpful would
be having one to several practicing engineers act as consultants on a research
project. They could spend two to four days full time with the research team
several times a year to offer advice and comment. Useful brainstorming and
data manipulation sessions could prove fruitful. Obviously, these consultants
would have to be reimbursed their usual consulting fees, but such an investment
might be well worthwhile. Obviously, the key time for such input would be at
the beginning of the project.

Improved coordination and review between researchers may also be in order.
I know that researchers converse about common problems and share results as
research is in progress. However, if this effort were expanded where researchers
would take turns visiting other universities or laboratories for three to five
days or so and thoroughly review and critique the work being done. A fresh
mind often sees things in a new way, and fresh light can be shed.

Another approach which needs more consideration is the multidisciplinary
team for complex research projects. In this day of specialization, a single
person is unable to tackle all the problems. Many of our research needs involve
topics where seismologists or geophysicists or geotechnical engineers or material
specialists or some other specialist must team up with the structural research
engineer to understand the problem and work as a team. If we are to tackle
many of the important research needs over the next few years, multidisciplinary
research teams must be formed or fruitation of usable results will never result.
Again,the practical understanding of the problem is essential for all members
of such teams, as the theoretically oriented researcher will not be able to
contribute fully to solving the practical problems.

A brief word also seems to be in order on research funding, as I feel that
it may have an effect on the usefulness of research. In past time, research
was funded largely as a part of a university's basic program. Outside funding
of major projects was often in the form of donated reinforcing steel, structural
steel, or bags of cement. The salaries of all concerned came from the insti
tution's budget. Lately, with the pressure to reduce state and local tax
expenditures, there Seems to be a great demand for federal or industry grants
to underwrite the entire research effort. The quality or usefullness of the
research sometimes seems secondary, the primary goal being simply to obtain
funding on enough projects to pay salaries, overhead, and perpetuate the depart
ment. It is realized that research institutions are big business and continued
funding is essential, just as a continual flow of commissions is essential to a
design office. However, this reality of current life does not always foster
research studies useful to the practicing design profession. The publish or
perish urge is a similar situation.
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FROM RESEARCH TO ~RACTICE

Once any research project is completed and the report is printed, there
is still a long trail to follow before the research is applied and safer or
more economical structures result. The first step is disseminating the infor
mation to those who are interested. This is usually accomplished by articles
in technical journals and limited distribution of the original reports. With
the one year plus delay process for publishing in most journals, speedy dis
semination is hardly possible. The direct distribution of the original reports
to knowledgeable engineers and researchers is essential and such efforts should
be expanded. Research funding should perhaps include increased amounts for
such disseminations of useful material.

Some research results may be in areas where building code changes must be
considered based on the new information. Such code changes might be either to
relax certain provisionsor make others more restrictive. In either case, con
siderable study is in order by code writing and other technical committees to
evaluate the full impact of the new information. Quick code changes are often
regretable code changes. In the areas of non-seismic design, considerably
more research is available with which to compare the new information. However,
in the field of seismic design, research is relatively limited so one has to
approach code changes with greater care and more study. .The limitations of
the research must be fully considered before any codification.

Writing reports and proposing code changes is not the whole answer. How
ever, there is a definte need to disseminate new ideas and techniques and use-
ful research results to the practitioner who has not been reached by the pre
viously mentioned methods. The need for low cost, practically oriented local
seminars is present and must be fulfilled. University extension courses often
charge too high a fee for the average engineer and industry groups or professional
organizations often fill this need. It is essential that the useful information
reach the individuals who can apply it to newer and safer designs.

CONCLUSIONS

In conclusion, it is the opinion of the author that earthquake engineering
research can often be more applicable for usage by the profession. Methods
which might improve the applicability of such research are:

1. Properly conceiving useful research to fulfill known needs.

2. Researchers should improve their knowledge of practical structural
engineering design.

3. Advisory Committees can be of assistance if the committee is kept well
informed and the researcher is willing to consider their advice.

4. Practicing professionals acting as consultants to a research project
with detailed input may have advantages, but funding must provide for compen
sation.



5.
others

Improved coordination among researchers including critiques ot each
studies.
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6. Multidisciplinary research teams are essential to understand and solve
many complex needs in earthquake engineering.
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ABSTRACT

In order to plan for the release and implementation of earthquake warnings
we must be able to forecast both individual and organizational response to the
announcement, and then the response to the response. This is further compli
cated because many individual and organizational actions are responses to anti
cipated rather than actual responses.

In order to understand public response to earthquake predictions and
warnings we must first appreciate what people are likely to hear, how they will
understand it, and What they will retain. People typically mix physical or
scientific and nonscientific frameworks in understanding earthquakes. First
reactions to an earthquake announcement include assimilation of the announce
ment to prior personal experience and seeking to confirm the danger through the
testimony of one's own senses. Fear and concern evoked by announcements are
complex and often contradictory. Preliminary evidence from a study of South
ern California response to announcements about the Mojave Uplift suggests that
earthquake concern has low salience in people's lives but evokes considerable
fear when the topic surfaces. Panic in the sense of sustained disorganized
flight behavior on a mass scale is an extremely rare phenomenon, and is unlikely
to follow earthquake warnings. Inaction rather than panicky overreaction is
more likely to prevail, because of the lack of realistic alternatives to cus
tomary behavior, because <;If the prevalence of "satisfying" rather than "maxi
mizing" responses, and various other reasons. Disaster threats of many kinds
provoke a Denial-Inaction syndrome of normalization and seeking the familiar.
In a reciprocal relationship inaction fosters disbelief and disbelief impedes
action. Informed and collaborative public response is also impaired by the gap
between an elite scientific community and the pUblic, especially in a society
which is otherwise committed to democratic values.

Governmental and business organizations are likely to resist the issuance
of warnings when faced with probable but uncertain disaster. Organizations
charged with emergency response and hazard reduction typically respond more
with continuity than with innovation in crisis situations. Research by socio
logists Haas and Mileti suggests that and earthquake prediction issued with
reasonable confidence and an extended lead time may instigate a substantial
economic recession in the affected area. In a real situation the corporate
behavior leading to these consequences may be modified by both unplanned com
petition for long-term markets and government intervention and support.

Cooperative popular response to government-coordinated hazard reduction
programs was strong in China, probably in part because of popular involvement
in the prediction enterprise--something that has not occurred on a large scale
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yet in the United States. Scapegoating against public officials can occur
when there is prior polarization on other issues, but is less likely than
often supposed. On the other hand, there is no tradition for viewing earthquake
threat as a condition requiring collective action rather than individual and
family adaptation, and there may be insufficient basis for emergence of the
altruistic sentiments common after disaster. It may be easier to develop
grass-roots organizational collaboration to opposed government-instigated
hazard-reduction steps than to support them, as illustrated already in Southern
California.

There is need for a differentiated approach to earthquake warning and
hazard reduction, noting that danger, need, and ability to cope are quite
unequally distributed throughout the population. There is a danger that we
will do most for the many who can cope effectively at little personal expense
while overlooking sizable minorities for whom the problem is unmanageable.
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INTRODUCTION

The last words of Buddha were "All composite things decay - Strive dilli
ently".

Concrete is a composite of composites - its mechanical properties, with
ut reinforcement, are time dependent as well as dependent upon environment,
umidity, temperature and winds. When reinforced with steel its static me
hanical properties alone change in sometimes surprising and varied manner.
hen subjected to earthquake motion concrete structures undergo random, chao
ic and erratic vibratory motion that is dependent upon magnitude and type of
nergy release, epicentral distance, type of fault slippage, depth of focus,
hysical properties of underlying foundation soils; and geometrical configura
ion, mass distribution, and quality of workmanship of the building. What a
ertile field for research! We must indeed strive dilligently!

BASIC INGREDIENT MATERIALS

In the discussion that follows, it is presumed that everyone is thor
~ghly knowledgeable of the standard specifications and routine tests for
~ality of the basic material components: Cement, aggregates, water, admix
~res as well as those tests performed on concrete freshly made, and harden
i concrete tested at specified ages. The present state of the practice can
~ summarized by saying that all of the published information is readily avail
,Ie to produce strong, durable concrete of uniform quality. The efforts of
Jch organizations as the American Concrete Institute [IJ. [2J, the Associa
lon for Testing and Materials [3J, [4J and the Portland Cement Association [5J
re recognized world wide. I cannot praise them enough. In spite of these
~adily available standards, much misunderstanding and myth still prevail how
ler, among designers as well as workmen and their supervisors as to good work
,nship practices and the definition of quality concrete.

UNCONFINED COMPRESSION

Current practice, because of code provisions,can be divided into two cate
lries - inspected concrete, and uninspected concrete. For uninspected concrete
: is possible for a designer to specify 28 day design strength (f~) of 2000 psi,
lunting on the contractor to produce concrete (for reasons of workability alone)
1 excess of 3000 psi. On the other hand for inspected work a more prudent de
,gner may specify a 4000 psi strength for all concrete assuming some tests will
1 as low as 3750 psi, upon which his design is actually based. Normal practice
ces somewhere between those two extremes. There seems to be a general mistrust
long designers regarding the current ACI statistical methods for evaluation and
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acceptance of concrete quality. I appreciate the desire of designers to view
concrete strength as a single number, all the design aids are devised on that
basis. The designer, faced with the complexity of decision making, must try
to simplify his task by reducing material properties and earthquakes to single
values in order to complete his job on time.

The simple unconfined compression test of concrete, cast in a cylindrical
metal mold, six-inches in diameter and twelve-inches long, tested at 28 days in
the laboratory after curing at 70°F and 100% relative humidity, is the standard
index for quality of concrete delivered to the jobsite. The actual concrete
quality or strength in the structure may vary widely from that index. There are
some continued efforts to avoid tre "lunacy" of waiting 28 days for acceptance
by accelerating the strength gain. This is done by drastically changing the
environment of the standard test specimen. The aim is to obtain acceptance of
the delivered concrete within one or two days after placing it. This commend
able approach has been met with non-support and some resistance by the design
ers who maintain they can't possibly accept the concrete until it is properly
cured, in spite of the fact that the specification requirements for curing are
those most often ignored.

In San Francisco it is possible to produce workable normal weight ready
mix concrete of 3000 psi class consistently averaging 3600 psi, having a stan
dard deviation of about 250 psi (7%) using cement contents of 4.3/4 sacks per
yard with common water reducing admixtures. It was not always possible. Our
several unpublished studies of existing concrete buildings constructed 30 to
50 years ago reveal concrete strengths with a range from 1500 psi to 4000 psi
in the same building. Coefficients of variation on such concrete often ex~

ceed 30%.

We have encountered some difficulties interpreting ASTM C42 [3] which
governs the sampling and testing of hardened concrete. It is Silent regard
ing the adjustment of test values with respect to age, size, shape of speci
men and effects of coring operations. Corrections for length-to-diameter
ratio are given only for the range from 1.0 to 2.0. As a consequence, when
specimens are taken from relatively thin sections - slabs on metal deck for
instance, no guidance is given for evaluating the concrete in place. Some in
vestigators [6] soak specimens in lime-saturated water for I to 3 weeks then
dry-out the specimens for a similar period to heal small cracking induced by
coring.

We have no test or criterion for evaluating relative "toughness" of
plain concrete in the field. The ability of some concretes to absorb energy
of deformation without bursting has been observed by the writer. We have noted
the manner of failure of high strength, low modulus, lightweight concrete 
strengths of 5000, 6000 or 7000 psi are obtainable in one-day stream-curing
operations. When tested in unconfined compression this concrete fails rapidly
by bursting dramatically in the machine, before the load can be removed. Bress
ler & Bertero [7] point out that confinement of lightweight aggregate concrete
may produce increases in compressive strength of less than half those of normal
weight concrete. The unconfined compression strength test therefore, is not a
suitable predictor of performance of concrete to resist earthquake loading.



SPLITTING TENSILE TEST

This relatively simple inexpensive test may be a more suitable indicator
.f earthquake performance than any other available standard test procedure.
lelated as it is to shear and bond capacity through failures in diagonal ten
:ion, it provides an understandable model of the typical failures of brittle
laterials observed universally in all earthquakes. The test is particularly
:ensitive to types of aggregates as well as aggregate to cement bond capacity •
•lthough not originally intended as a field acceptance test, its use in evalu
:ting lightweight aggregates for design purposes demonstrated that it could
:asily be used for job control purposes. Study should be made for its ex
.ended use as such.

FLEXURE

Because of sensitivity to shrinkage stresses, discontinuities caused by
ggregate segregation and awkward size and weight of specimen, the flexural
eam specimen commonly used to test pavement concrete does not appear to be
articularly suitable for evaluating building concrete. Wide variations in
eported strength is common with this test procedure. The splitting tension
est would appear to be a suitable replacement as an index of strength for
aving.

MODULUS - OF ELASTICITY IN COMPRESSION

This is not a routine test in current practice. Some designers have
pecified Young's Modulus for lightweight concrete of 2.5 X 106 psi minimum,
ithout specifing age, test procedure or method. They were astonished to
ind out that at 28 days for 3000 psi concrete using Secant Method at .45 f~
he reported test modulus was as low as 1.75 X 106 psi. The only organized
ffort to evaluate modulus of elasticity of field produced concrete was for
ARTD*elevated structures. The Standard Specifications for that project re
uired that the Modulus of Elasticity at loaded age for the concrete proposed
or use could not be less than 95% of a BARTD Standard Mix when tested after
8 days of drying. This requirement proved to be unreasonably restrictive,
artly because the standard mix was not air entrained, yet project specifica
ions for field concrete required air entrainment. This experience pointed out
hat with comparable unit weights and strengths, wide variations in Modulus
f Elasticity (± 20%) could be encountered. Bertero and Bressler also report
ide variations in concrete sampled from Olive View Hospital [6].

This test is relatively expensive to conduct, about three to four times
he cost of a concrete compression test, and greater care is required by the
aboratory technician in performing the test. Because designers may need to
now the values with greater degree of certainty for predicting structure per
ormance during quakes, it is possible that this test may come into more com
on usage.

DRYING SHRINKAGE AND TEMPERATURE

There are strong indications that tensile strain limitations determine
he strength of concrete. This limiting tensile strain is usually assumed to
e between 0.01% to 0.02%. The point of initial cracking is about the same
agnitude for the tension face of a beam in flexure and the circumferential

BARTD - Bay Area Rapid Transit District
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face of cylinder in uniaxial compression (8]. Poisson's ratio varies between
about 1/8 for higher strength concrete to 1/5 for lower strength mixes.

With reported unrestrained drying shrinkage strains of from 0.04% to 0.08%
(9] it is easy to understand that concrete in real structure becomes a linkage
of discrete elements, connected by reinforcing steel across cracks as a result
of drying shrinkage and thermal cracking.

Large (10] points out that normal creep considerations alone on concrete
columns can easily double the stress in vertical reinforcement. This writer
has observed transverse tensile cracking in concrete columns exposed to "nor
mal" Bay Area drying conditions. He has also observed the tensile splitting
and spalling of cover that occurred in a first floor column of a five-story
building under dead load only. This occurred because misplacement of lateral
ties permitted the buckling outward of a #18 corner rebar because the concrete
shrunk, causing all of the dead load to be carried by the reinforcing steel.
The nominal concrete cover alone could not keep the bars from buckling.

Most California buildings exist in less than desirable environment with
drying winds and widely varying temperatures. This results in a continual
movement opening and then partly closing construction joints and cracks. The
resulting cracked structure bears no resemblance to the idealized elastic
model as tested in the research laboratories or analyzed by simplistic com
puter methodologies.

Drying shrinkage testing of small prisms has become routine in San Fran
cisco Bay Area laboratories, because of the effort of the Structural Engineers
Association to place some control on drying shrinkage by restrictions on this
measurable property (9]. However there is some disagreement as to the applica
tion of the reported values to real structures. The test is not particularly
reproducible because of: 1) The stochastic nature of concrete. 2) The varia
tion in material components particularly cement with time. 3) The variations
between laboratory humidity control rooms. 4) The variations within each
laboratory control room. The results can vary by as much as 100% for identi
cal mix designs performed using the same brands of materials produced at dif
ferent times, tested in the same laboratory. This program of intensive test
ing has had a salutary effect on the local industry, however improvement
in reduced cracking has been observed.

It appears that it would be useful to perform dynamic and cyclic testing
of structures that have been allowed to age and crack at sections where drying
shrinkage would normally occur prior to earthquake loading.

The thermal expansion and contraction coefficient of actual concrete mixes
is not specifically known and it may well be a time dependent variable
also.

A new standard, ASTM C827 T, has been developed by Committee C9 to test
for early volume change of cementitious materials. It is suitable to measure
the plastic shrinkage under any specified environment. The length change that
can take place in 3 to 4 hours setting time may be as much as 20 to 30 times
the drying shrinkage length change for 28 days of drying.



Polivka's [11] restrained bar cracking test is also an important tool in
evaluating cracking propensity of concrete due to shrinkage. It has had far
less use than it merits.

CREEP IN COMPRESSION

Creep, defined as the increase in strain under a sustained load, can be
several times as large as the instantaneous strain at loading and consequent
ly has an important influence on the long time performance of buildings. The
amount of creep is directly related to the compressive stress and is highly
dependent upon the age at loading, duration of loading, type of aggregate, en
vironmental conditions and history of previous loading. Because of the vari
ables involved, a standard test procedure is not in routine use for building
construction. Some testing for specific bridge projects has been performed to
enable deflection predictions to be made with greater confidence.

Concrete proposed for use on BARTD elevated structures was required to
exhibit no more creep 28 days after end of curing period than 110% of a BARTD
standard mix tested in the same manner. ASTM C5l2 was modified using three
6-inch diameter, 16-inch long test specimens, stacked three high in a creep
frame loaded at 1200 psi tested at 50% RH, 73°F. For the most part, the mixes
and curing methods chosen for the project had little difficulty in meeting the
requirements. Much information regarding creep characteristics of locally
available material was gained, however very little of this information was
disseminated to the design profession. The creep index was for short term
loading only (28 days after cure) and the average net creep under the condi
tions of the test at that age approached 0.03%.

Creep has the beneficial effect of stress relaxation under sustained
strains. However the actual stress state after many years of sustained load
ing in a drying environment is not known. But, the design profession needs
to know more about this admittedly complex problem.

CONCLUSIONS

Concrete composites can be likened to living tissue, at birth it is
weak and carries little load and must be handled with care and feeding (water)
so it can mature. Later it shrinks and under sustained loads its joints creak
and the body sags and stoops. While not bio-degradable, it most surely con
tinues to degrade until the earthquake strikes. By then the structure is par
ticularly vulnerable to large order deformations, which can cause collapse.

Paraphrasing Buddha - concrete, being a composite thing, decays - we must
strive dilligently so that we can understand why, and learn how to prolong its
life.
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SOME PRELIMINARY REMARKS

Seismic disturbances of a structure may create special conditions which
are not normally considered in design. These include the following:

(1) A rate of loading which is much faster than normal.

(2) A stress or deformation level much higher than normal.

(3) Cyclic loadings to high levels of load or deformation; the cycling
being of higher duress but lower number of cycles (and often of
lower frequency) than those encountered in the more usual "fatigue"
studies.

(4) These cycles of loading may be of one sense or they may reverse.

(5) Combinations of stress which are not normally contemplated in design.

(6) A variety of loading paths in multiaxial space.

The behavior of concrete in the domain defined by these conditions (or
any combination of them) has not been studied until very recently and such
studies are few in number and limited in scope. Until such time as more
extensive test data become available (and have been organized into a form
suitable for incorporation into analysis procedures) the profession will
probably have to adopt the following approximation procedure:

(a) Study the data from experiments which, although not exactly of the
kind desired, nontheless may shed some light on the behavior of
concrete under seismic conditions (for example, tests under moderate
strain rates may indicate what to expect under higher strain rates).
This approach, however, is fraught with the possibilities of
misleading extrapolations--some examples of which are described below.

(b) Study all aspects of concrete behavior and attempt to understand the
basic mechanisms of the response of concrete to loading. Such
understanding may well be essential for a proper utilization of the
results of step (c).

(c) When the appropriate experimental tests are performed the resulting
information will be voluminous and complex. The cyclic multiaxial
behavior of a nonlinear, strain-softening, discrete, cracking
material such as concrete will be too complex for designers to hope
that every possible combination of special conditions mentioned
above can be studied experimentally. It is much more likely that
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data will be found for extremes of behavior and analysts and
designers will need to devise methods for interpolating and extra
polating the data to other circumstances.

(d) Using the knowledge acquired in steps (b) and (c) produce an
analytical model capable of satisfactory predictions for all
conditions considered in design.

In addition to the special seismic conditions mentioned previously, a
modern concrete analyst is faced with other problems including:

(1) The increasing use of 1ighweight concrete (LWC), ultra-high strength
concrete (UHC), and other new materials. Most current analytical
procedures are based upon research which was conducted in 1950's
or 1960's. Since that time normal weight concretes (NWC) have been
increasing in strength while other materials such as LWC and UHC
are becoming more widely used.

(2) Much of the past experimental information is suspect for other
reasons (for example the stress conditions were probably not what
the experimenter believed them to be).

(3) The subtle but disturbing problem as to how to use the properties of
plain concrete, which is rarely found in the field, when predicting
the properties of reinforced or prestressed concrete.

In view of (3) it will become apparent that one cannot entirely separate
the study of plain concrete from that of reinforced concrete. Thus, although
the topic of this paper is plain concrete it will be necessary, in what
follows, to refer to reinforced concrete from time to time.

RANGE OF CONDITIONS TO BE EXPECTED UNDER SEISMIC LOADING

A review of the 1iterature--even if confined to the North American
continent plus England; and to the past ten years--reveals that a substantial
amount of information has been gathered concerning many aspects of concrete
behavior and modelling but very little for the special conditions of seismic
loading. It is of interest to estimate the range of those conditions w~ich

are appropriate to earthquake studies.

Strain (or deformation) Rate

The frequency content of earthquakes shows that the majority of
earthquakes impose motions at rates between 1 and 10 cycles per second.
Although the higher frequency shocks often occur earlier in the event, and are
usually accompanied by accelerations less than the maximum,it seems reasonable
to use 10 cycles per second as an estimation of the highest loading rate to be
considered in design. For a 4500 psi (31 MPa) concrete with failure at 3000
microstrain* this corresponds, approximately, to a loading rate of 45,000
psi/sec (310 MPa/sec) or 30,000 microstrain/sec.

*1 microstrain -6lX10 =1)1£



For situations where slower rates of loading are deemed more critical
previous studies have provided substantial information (see Table 1) at least
for concretes in present (1977) use.

Load Level s

Since the primary concern of the engineer is safety, it is necessary to
obtain constitutive information all the way to failure. Furthermore, since
"failure" is a matter of definition it may also be claimed that tests should
be conducted "beyond failure" or to "repeated failure" since the post
earthquake serviceability and safety of structures are almost as important as
their ability to survive the initial seismic shock. The protection of people
during aftershocks (when structural integrity is probably reduced and
emergency services probably much less than ideal) and the economic impact of
reserviceability versus demolition and replacement are self evident.

Cyclic Loading Under Multiaxial Conditions

It is clear that very few structural members will be subjected to purely
uniaxial stress, expecially during an earthquake. However, the infinity of
possible combinations of loadings means that it is impossible to investigate
them all experimentally. It will thus be necessary to adopt the procedures
mentioned earlier--that is, to combine experiments under a limited number of
conditions with analysis and modelling to extrapolate the results to more
general situations.

Some important combinations can be deduced from the types of members
which have revealed the most distress during past earthquakes. For example,
examination of buildings showing major damage or collapse indicates that the
columns and the beam-column connections are the areas most likely to suffer
damage.

Under seismic conditions columns are probably in a predominantly biaxial
state with an axial compression somewhere between 0.2 and say .7 of the pure
axial strength and with simultaneous shear and bending moment (which for
simplicity will have to be assumed about one axis) sufficient, or almost
sufficient, to cause failure.

Beam-column connections are subjected to much more complex state of
stress and are probably best treated as a continuum acted upon by edge
tractions which may have steep gradients. The high probability of large
tensile stresses if of concern here owing to the low tension strength of plain
concrete. Consideration of behavior under these conditions is probably
inseparable from the problem of how to use plain concrete properties in
modelling reinforced and prestressed concrete.

The lower parts of interior joints in structures moreover ought to be
considered as carrying a compression of between about 0.2 and 0.7 of their
pure axial strength combined with simultaneous compressions on the two axes
orthogonal with the "axial" compression.

The range of possibilities is so large that work should be begun upon the
problem immediately.
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REVIEW OF PAST WORK: EXPERIMENTAL

This review will be brief; it covers mostly the period 1960-1976 and is
not claimed to be fully comprehensive.

In 1964 Sinha. Gerstle. and Tulin [1] reported the results of uniaxial
tests on three strengths of normal weight concrete. Their principal findings
were:

(1) An "envelope" curve is the line which no stress strain curve exceeds.
regardless of the loading path.

It was hypothesised that such an envelope curve exists for concrete
under uniaxial compressive loadings.

The usual uniaxial stress strain curve is a good approximation for
the "envelope" curve.

(2) In cyclic loading. in order to obtain an increment of deformation
from one cycle of loading it is necessary to exceed a certain
"critical" stress in the cycle.

(3) Unloading and reloading curves may be expressed as a family of
curves. Fair approximations to the curves observed in their
experiments were obtained by using parabolic expressions for the
unloading curves and straight lines for the reloading curves. The
parameters which make it of limited use in earthquake studies (the
original study was not directed specifically toward earthquake
conditions).

(a) The tests were uniaxial only.

(b) The loading rate was about 4 ksi/min (28 MPa/min) or
about 30 \1£/sec.

A second study was undertaken by Karson in 1968 [2.3]. The relevant
conclusions from this study include:

(1) Confirmation that the usual stress-strain curve approximates an
envelope for uniaxial compression.

(2) In cyclic compression the points at which a reloading curve crosses
the unloading cruve from the previous cycle may be called "common
points". The location of these common points depends primarily
upon the maximum stress and strain of the previous cycle. The
minimum stress and strain of the previous cycle had little or no
effect on the location of the common points.

(3) Predictions of cycles to failure for low-cycle high-stress
conditions are presented. The limitations of this program include:

(a) Uniaxial compression only.



(b) Loading rates were between 2 ksi/min and 4 ksi/min or
1000 microstrain/min to 2000 microstrain/min.

The first study of conditions close to those occuring during earthquakes
was conducted by Bresler and Bertero [4]. They tested 6" X 12" cyl inders of
3 concretes--one of normal weight (NWC) and two of lightweight (LWC). The
two different types of lightweight concrete were obtained by using two
different aggregate sources.

One strength on NWC was employed (5 ksi = 34 MPa) and two strengths of
each of the LWC (5 ksi and 3 ksi; 34 and 21 MPa).

In the first series of tests 257 6" X 12" (15 cm X 20 cm) cylinders were
subjected to monotonic or cyclic loadings. In the second series 80 6" X 18"
(15 by 45 cm) cylinders which contained spiral reinforcement were subjected
to similar loadings. The second series thus simulated conditions in columns
containing "confining" reinforcement.

The monotonic loadings were applied at rates between 10 and 100,000
microstrain/second while the cyclic loads were applied at about 20,000
microstrain/second. In cyclic loadings a minimum stress af about O. 1 flc was
maintained while the maximum stress varied from about 0.5 to about 0.9
of the monotonic strength observed at the corresponding speed.

Constitutive relations were obtained for all tests. After about 20
cycles of loading the cycled specimens were retested to failure at a monotonic
rate of 10 microstrain/second.

The principal conclusions were:

(1) The A.C.I. formula for Young's Modulus

Ec = 33 wl . 5 flc in psi units

tends to overestimate the observed modulus; furthermore, this
modulus is affected by the source of aggregate used in the concrete.
the overestimations observed were as high as 30%.

(2) Strain at maximum compression, and total strain withstood before
complete collapse, were sensitive to aggregate type and mix
proportions.

(3) Increasing the strain rate from 10 to 100,000 microstrain/second
produced moderate increases in strength and initial modulus.

(4) Cyclic stressing below about one half of the corresponding dynamic
monotonic strength produced no change in the concrete.

(5) To obtain si gnificant degradation of post~cycli ng strength and
stiffness the peak stress during cycling must exceed about 85% of
the dynamic strength. This conclusion applied at the experimental
strain rate of 20,000 microstrain/second.
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If the cycling does exceed the level referred to in (5) then the
post-cycling values of strength and stiffness are substantially
reduced and large strains are accumulated.

(7) Confinement substantially improves the deformabi1ity of all concretes
tested.

(8) Effectiveness of confinement in improving strength is much greater
for NWC than LWC.

Table 1 summarizes some of the relevant research performed to date (1977)
and points out areas where further studies are needed. The research needs are
amplified in later sections of this paper.

REVIEW OF PAST WORK: ANALYTICAL

This will be a very brief outline of some suggested analytical procedures.

Monotonic Loadings

The earliest analyses used a simple linearly elastic model for plain
concrete. Such a representation is clearly inadequate for cyclic loading or
for high stress levels.

Nonlinear loading with elastic unloading under monotonic uniaxial
compression is easily accomplished in a form suitable for computation by using
one of many mathematical representations suggested in the literature. Most
of these have been revi ewed· by Popovics [5]. Table 2 gives several suggested
equations.

Mu1tiaxial Loadings

A more realistic approach (based upon damage theory) has been suggested
by Romstad, Taylor, and Herrmann [7]. In this representation biaxial states
of loading are considered. The behavior of concrete is divided into "zones"
each of which is supposed to represent a region of constant damage and which,
therefore, has it own (elastic) modulus and Poisson's ratio. The zones are
defined in two dimensional strain space (to avoid problems of non-uniqueness
in stress space) and the properties to be used in an excursion from one point
of the strain space to another are computed from the zone properties and the
orientation of the change of strain during the excursion. The method was
developed for monotonic biaxial compression with only one unloading permitted
in its present form. The method could be modified for cyclic conditions.

The model parameters were estimated using the data of Kupfer, Hi1sdorf,
and Rusch [8]. Comparisons between experiments and predictions are given in
Figures 1 and 2. Note that the data is used to "predict itself".
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Cyclic Loading: Uniaxial

Sinha, Gerstle, and Tulin proposed a representation based upon their
experimental program [9J. The envelope curve was approximated by a generalized
second order polynomial plus a transformation constant thus calling for four
constants to be obtained from experimental data.

Unloading curves were assumed to be parabolae; reloading curves to be
straight lines.

Comparisons of analytical and experimental curves are shown in Figure 3.
Note that the data used in the approximations came from the experimental
curves, so this model is also "predicting itself".

Karson and Jirsa, extending the work of Karson, developed a more
sophisticated model [3]. Their envelope* curve and curve of common* points
were each described by a Smith and Young exponential expression (see Table 2).

The plastic (or permanent) strain appears to be a parabolic function of
the strain at the common point for the cycle.

Unloading and loading curves are parabolae with the loading curves
constrained to become tangent to the envelope curve. A computer program was
written to perform the many necessary calculations.

Examples of computed and experimental uniaxial cyclic constitutive
behavior are shown in Figure 4.

Karson's computational model was modified by Sharma and Bhattacharrya
[10] to make it more efficient and to improve some of the representations.
(For example, Karson's model predicted reloading parabolae which were convex
from below whereas the experimental curves were convex from above).

The envelope* curve is a modified Smith-Young to improve the post peak
representation.

The common point locus ("shakedown" points in Sharma and Bhattacharrya)
is a modified Smith-Young curve.

Residual strains ("plastic" strain in Karson) are a parabolic function
of common point strain.

Loading curves have two parts; a straight line up to the common point of
the previous cycle (if the reloading begins below the common point) and a
parabola above the common point which becomes tangent to the envelope.

Unloading curves depend upon the location of the point from which
unloading begins. If unloading begins below the common curve then it is
linear. If unloading begins above the common point the line is linear down
to the common curve and is parabolic below the common curve.

Figures 5 and 6 show the improved predictions of Karsons data provided by
this model.

*Defined in the section on experimental work.
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Figure 4. Model Predictions for Uniaxial Compressive Cyclic Loading
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Chen [11] has proposed a model for predicting the behavior of concrete
under general multi-axial loading. This model is also based in large part on
the biaxial (monotonic) compressive experiments of Kupfer, Hilsdorf, and
Rusch [8].

Concrete is assumed to be a continuous, isotropic, linearly elastic then
plastic, strain-hardening and fracturing material.

Three surfaces are defined in stress space. A failure surface; an initial
discontinuity surface, which is defined as the limit of elasticity; and a
"loading surface" which is defined as a surface which must be reached before
additional permanent strains are accumulated during reloading.

Failure is treated separately in compression-compression and tension
compression regions.

The failure criteria are independent of the third invariant of the
deviatoric stress tensor, and are assumed to be second order functions of the
first invariant of the stress tensor and the second invariant of the deviatoric
stress tensor.

The initial discontinuity surface and the loading surface have the same
form as the failure surface.

The constants in these relationships must be determined from experiments.
Figure 7 shows computed and experimental curves. Once again the model is
"predicting itself".

Other models are described in references 12 through 17, and a discussion
of several models is contained in [12].

RESEARCH NEEDS: EXPERIMENTAL

Preliminaries

A representative portion of a concrete structure will have principal
stresses and strains which may be difficult to determine. Furthermore, some
or all of the following may also be true:

(1) The principal stress directions and the principal strain directions
may not coincide.

(2) All 6 quantities mentioned above may be oscillating in a random
fashion.

(3) Material is discrete, quite probably non-isotropic, certainly
non-linear, inelastic, and can crack (except possibly at very high
levels of hydrostatic stress when it may "yield").

(4) Material is stochastic in nature. Large numbers of replications of
each test are needed so that statistical statements may be made about
the results.
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Figure 7. Predictions of Monotonic Biaxial Compressive Loading Data
of Kupfer et al [8J by Model of Chen and Chen [fl]
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(5) Concrete properties vary with mix proportions, cements, aggregates,
environmental conditions, etc. These properties, therefore, vary
from place to place and time to time.

(6) In almost all structures the non-homogeneity and anisotropy are
compounded by the presence of steel reinforcements.

(7) The concrete region may be NWC, LWC, or UHC or even an interface
between two of these.

(8) Deformations may go up to or even beyond "failure" at rates up to
about 30,000 microstrainjsec.

Faced with this situation the experimentalist cannot proceed without
simplification. The usual procedure in such situations is to investigate the
extremes of behavior and then attempt to interpolate. If the possible
conditions are too many for a single experimental study one often uses
intuition or a reasonable projection of behavior and conducts "spot check"
tests to determine if further exploration is necessary.

Finally, just as the behavior of plain concrete is inseparable from that
of reinforced concrete, so is it impossible to completely separate experimental
and analytical needs.

In the recommendations which follow each suggestion is given a "Priority".
Priority 1 is the highest priority.

A. Priority 1: Uniaxial Cyclic Behavior

Perform the following tests on a typical concrete.

Experiment

(a) °1 = 02 = 0 03 cycles from 0 to repeated failure
at rates close to 30,000 ~E/sec

(b) °1 = °2 = 0 03 cycles from 0.1 to 0.9 flc at the
same rates

(c) 0 03 cycles from 0.2 1 at the°1 = °2 = to 0.7 f c
same rates

Reasons--This is basic information required by designers and those
researchers of concrete who seek to understand its behavior. The test
conditions also approximate the conditions in those portions of beams and
columns remote from the connections.

B. Priority 1: Multiaxial Cyclic Behavior

Perform the following tests on a typical concrete.

(d) 01 = 02 = 0.30 flc same cycling as (a), (b), (c)

(e) 01 =02 =0.65 flc same cycling as (a), (b), (c)



(f) 0"1

(g) 0"1

o 0"2 = 30 fl. c

o 0"2 = .65 f\
same cycling as (a), (b), (c)

same cycling as (a), (b), (c)
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Reasons--Observed vertical accelerations in buildings are frequently
lower than horizontal values. Thus, the vertical load on a column may vary
less than the moments in the girders which frame into it. If we simplify
further to the case of unidirectional accelerations than a connection under
such circumstances will have a stress state approximating the following: an
axial load close to service value (say 0.3 flc when lightly loaded; 0.65 when
heavily loaded) a transverse loading from the compression zone of the beam
perpendicular to the motion which will have about the same range of values as
the axial stress: and the stress from the compression zone of the beam
parallel to the seismic action which will vary according to the intensity of
the earthquake. etc. This explains cases (d) and (e).

Cases (f) and (g) will shed light on the influence of the intermediate
stress which is of great interest in understanding the behavior of concrete.

C. Priority 2: New Materials

Repeat the tests of priority 1 on several different materials such as

(a) A range of strengths of NWC, e.g. , 4, 5, and 6 ksi

(b) A range of strengths of LWC, e.g. , 4, 5, and 6 ksi

(c) An ultra high strength concrete say 9 ksi

See also priorities 3 and 4.

Reasons--Much of our knowledge of concrete is based upon research
performed many years ago with materials typical of those times. Today (1977)
new materials are being used to a much greater extent. Designers are
specifying higher strengths for NWC; lighweight concrete of 4 to 6 ksi
strength (28 to 41 MPa) is becoming popular owing to the economies attendant
upon the savings of weight; and consideration is now being given to ultra high
strength concretes in the range 9-13 ksi (60 to 90 MPa) and to fiber and loop
concrete. The present and future needs of the profession can thus be served
only by testing such new materials prior to their widespread use.

D. Priority 2: Investigation of Variability

The testing of priorities 1 and 2 should be duplicated in two ways.

(a) By many replications (30 replications suggested)

(b) By duplication in other laboratories (2 or 3 in North America, one
each in Central America, Europe, Japan, and South America suggested.

Reasons--Concrete is stochastic in nature. Variations in concrete
properties of up to 30% are not unusual. This is often overlooked by
designers computing moduli, stiffnesses, etc., with calculators capable of
carrying several significant figures. The number of specimens normally used
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(3 to 6 per test) makes it impossible to apply any statistical tests to the
results and hence impossible to make any confidence statements about either
the results or the range of values which a designer should use in his
calculations.

Thus, 3(a) is needed to allow proper statistical treatment of the data.

The experimental results from tests on a spec i fi c concrete conducted at
several locations will not always be the same [1&]. The results are influenced
by several factors including the testing machine characteristics, the type of
loading platen and the technique of loading. Thus, tests are needed from
several locations to examine and quantify the differences caused by these
factors. Any locations could be used but there will clearly be greater
interest in those areas with demonstrated interest and capability in such
research and those where seismic events are of primary concern.

E. Priority 3: Tests of Damaged Concrete

Perform the following tests on selected concrete or concretes

(a) Stiffness and strength soon after (say few hours to a few days)
being damaged by cyclic loading.

(b) Long time strength ("sustained" strength) and stiffness after being
damaged by cyclic loading.

Reasons--Earthquakes are often followed by aftershocks. The behavior of
surviving buildings immediately after a catastrophic earthquake is thus
critical since

(i) overloads (e.g., from debris, etc.) may be present

(ii) people may be trapped, unconscious, dazed, or otherwise less able
to fend for themselves

(iii) rescue services will be impaired.

This explains item (a).

Furthermore, one of the major post-disaster decisions is whether to
replace or rehabilitate a structure. This explains item (b).

F. Priority 3: Repair of Damaged Concrete

Tests should be conducted to evaluate the efficiency of available repair
methods, e.g., epoxy grouting and the effect of such treatment upon the
constitutive properties of the concrete.

Reasons--Same as above.

G. Priority 4: Tests on Fiber or Hoop Concrete

Evaluate the expected improvements in ductility, toughness, and integrity
offered by the new techniques of fiber and loop reinforcing.



Reasons--Plain concrete is brittle. Reinforced concrete is less brittle
only because of the presence of steel bars which, however, are placed in very
specific locations in accordance with specified loadings. The unexpected loads
from an earthquake often point out the brittle portions of a structure. It
has been suggested that the use of many small reinforcements throughout the
material instead of a few discrete bars may transform the concrete into a
more homogeneous and ductile material with greater energy absorbing capacity.

H. Priority 4: Tests of Aggregate Properties

Evaluate

(a) The effect of aggregate type and properties upon stiffness of
concrete, especially the range of values to be expected.

(b) The effect of aggregate type and properties upon the tests of
priorities 1 and 2.

Reasons--Evidence indicates that the aggregate has large influence upon
stiffness of concrete. This is of importance in computing the dynamic
characteristics of a structure. The range of values to be expected will
assist the designer in selecting the range of forces to which the structure
may be subjected. Hence, item (a).

Concrete is a mixture. And while the properties of one concrete may be
similar to those of another there is no guarantee of this. Hence, since
obtaining the information of tests of priorities 1 and 2 will be a major
undertaking it is likely that it will be done, initially, for only one or two
concretes. Item (b) will thus be needed to ensure that concretes using
different aggregates (e.g., from another country) will not be too different
from the test concrete.

I. Priority 4: Tests With Two Cyclic Stresses

Perform the following tests:
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(b) ° =3

Test
1o or small value; cycle o? and 03 from .3 to .7 f c in

synchronisation.

0; cycle 02 and 03 from .3 to .7 flc but 1800 out of phase.

Reasons--Earthquakes rarely occur exactly parallel to one axis of a
structure. Hence, in a connection, both beams may be expected to have
oscillating stresses. Items (a) and (b) simulate the extremes of load paths
under these conditions.

RESEARCH NEEDS: ANALYTICAL

A. Priority 1: Formulation of Models to Predict the Constitutive Behavior of
Concrete Under General Cyclic Loadings

The spectrum of all possible histories of loading during a seismic event
is infinte in extent. Thus, it will be impossible to conduct a test (or series
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of tests) for every possible sequence of loading. Consequently, it is
necessary to formulate a model which can predict the behavior under completely
general cyclic loadings. Unfortunately, most attempts in the past have either
been too qualitative rather than quantitative or else have been used only 'to
predict the data from which the model parameters were determined (i.e., used
"to predict themselves" in a sense). Some candidates are:

(a)

(b)

(c)

(d)

(e)

Cumulative damage theories

Fracture mechanics theories

physical models (e.g., aggregates discs in mortar matrix)

Clastic mechanics (see for, e.g., Staff and Zienkiewicz ])

"Classical" theories (plasticity, endochronic theories, etc.)

B. Priority 1: Data to Evaluate Proposed Models for the Constitutive Behavior
of Concrete

No detailed proposals are made for such experiments at present.

The number of possible stress (or deformation) paths which concrete may
experience during an earthquake are infinite. It will, therefore, be
imperative to have a model, preferably physically based, which can compute
predictions of the constitutive behavior for any path in three-space. Many
models have been suggested (for descriptions see, for example, Taylor [12] or
Popovics [5J) but usually these predict data from models whose parameters
were based on the very data being predicted. To paraphrase Eddington we need
a model which is vulnerable (to testing). Thus, this is not a purely
experimental problem but must be considered in conjunction with analysts. A
model must be formulated so that its suitablility is open to test. In
particular, it is very desirable that there be a test (or tests) which can
permit comparisons of the efficiencies of several suggested models. The
development of such models is given the highest priority in the recommendations
for analytical work.

C. Priority 2: Application of Laboratory Studies of Plain Concrete to Real
Structures

Considering that

(a) Concrete tested uniaxially in the laboratory shows different strength
and peak strain than the same concrete tested in flexure, i.e., with
a strain gradient.

(b) Tests on the same concrete but in different testing machines may
give different results.

(c) Tests on the same concrete but with different platens may give
different results.

(d) Tests of the same concrete but with applied loads versus applied
deformations may give different results.



(e) Tests on the same concrete but with different sizes of specimens
may give different results.

(f) Tests on virgin samples often gives different results from samples
which have been pre-loaded a few times.

(g) Tests on cylinders versus cores give differences which are still
not clearly explainable quantitatively.

it is quite apparent that there are many questions to be answered before the
data from laboratories can be used directly in design calculations. The
resolution of these questions will also straddle the experimental and
analytical fields. Information on all these topics is availabl-e but is
sparse. A major effort is needed to gather such data; organize it into a
logical format; identify gaps where further research and/or analysis are
needed; and to present suggestions for modifying laboratory data for specific
field conditions if this appears necessary.
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INTRODUCTION

Efficient seismic-resistant structures require structural material that
is lightweight, stiff, strong, and tough under generalized types of excita
tions. In other words, the structural material should not only have high
ratios for maximum strength to unit weight and modulus of elasticity to unit
weight, but it should also be capable of absorbing and dissipating large
amounts of energy under repeated actions, including reversals of deformation.
These mechanical characteristics are not inherent in the case of "plain"
concrete, except when subjected to compressive hydrostatic pressure, and
research is needed to improve its deformability, particularly in tension where
plain concrete is very weak [lJ.

In his state-of-the-art report on "Constitutive Relations for Concrete
under Seismic Conditions" [2], Taylor points out that

plain concrete in its present form may not be the best energy
absorbing material for structures in seismic regions ...A study of
the properties of new materials such as fiber and loop concrete
may permit cost-benefit analysis to decide this question.

However, when properly "confined," plain concrete can be converted into a
tougher, more ductile structural material. An ideal confinement would be
one which can permit the development of stress states equivalent to compres
sive hydrostatic pressure.

Confinement of flexural structural members (beam-columns) and strut ele
ments is generally achieved through proper design and detailing of lateral
reinforcement. The possibility of prestressing and/or using expansive (self
stressing) types of concrete to induce states of stress equivalent to compres
sive hydraUlic pressure should be investigated.

Effects of Lateral Reinforcement

Ever since Considere published his findings on reinforced concrete in
1903 [3J, designers have recognized the advantages of using lateral reinforce
ment to enhance the strength capacity of structures. Even today, however,
the complete load-deformation behavior of confined concrete under stresses
and strains that can be developed under earthquake excitations is not very
well understood. As Taylor indicated [2J, the cyclic multiaxial behavior of
a nonlinear, strain-softening, discrete, cracking material such as concrete
is so complex that it is difficult to carry out comprehensive experimental
investigations which cover all possible combinations of special conditions
that can exist during a structure's response to seismic motions.



Ba~ant, in a recent paper [4], also discusses the difficulties involved
in formulating general constitutive relations for concrete. He mentions
several unusual concepts and factors which must be considered, such as: (1)
the sensitivity of intrinsic time increments (measuring the accumulation of
inelastic strain) to hydrostatic pressure; (2) inelastic dilatancy due to
shear straining; (3) description of strain-softening tendency; (4) dependence
of tangent moduli on dilatancy (not on stress or strain tensor); and, if long
time nonlinear creep should be modeled, also (5) introduction of more than
one intrinsic time.

At present, data available on the behavior of confined concrete under
seismic excitations are not only sparse but of a very limited nature. In
view of the complexity of the problem, the most immediate remedY is to try to
define the bounds on the expected behavior and to conduct some comprehensive
studies on these bounds. Therefore, designers and analysts must devise methods
for interpolating the data to other circumstances, which is not an easy task.

The ideal would be to formulate a unique general stress-strain relation
ship for concrete, although this does not seem possible in the near future.
Even if such a relationship could be formulated, its complexity might hinder
understanding of the basic physical mechanisms involved, possibly leading to
serious errors or a false sense of achievement. Researchers, designers,
and analysts must devise the simplest possible analytical model capable of'
producing reliable results for the problem at hand. For example, if the
designer is only interested in predicting the usable strength of a standard
flexural member, an effective rectangular stress-strain relation based on
Hognestad's curve [5] could be used. On the other hand, if information is
desired on the deformational capacity of a critical region of the member, a
more refined stress-strain curve accounting for the effect of confinement
should be used, with the model to be used determined by the type of excitation
--monotonically increased or cycled with or without reversals. As pointed
out by Darwin and Pecknold [6], ".. . the realism necessary in the constitutive
model depends on the structural type, the response quantity sought and whether
the load is monotonically increased or cycled as would occur in an earthquake
for example."

To formulate these simple realistic constitutive models, designers and
analysts must have a clear understanding of the physical mechanisms control
ling the behavior of actual materials under the particular state of stress or
strain being considered. Research efforts should therefore be devoted to this
end. For example, in the case of shear walls, it is necessary to consider the
behavior of reinforced concrete under biaxial stresses. Only recently a non
linear constitutive model for plain concrete subjected to cyclic biaxial
stresses was proposed and is being used to predict behavior of shear panels
previously tested [6]. No successful application to cyclic loading (including
stress or strain reversals) of reinforced concrete structures under multiaxial
states of stress have been reported, although the extension of the endochronic
theory of inelasticity and failure to concrete appears very attractive [4,7].

Objectives and Scope

The main objectives of this paper are to review present knOWledge on
behavior of confined concrete, to evaluate present constitutive relations,
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and to discuss research needs in this area. Emphasis is placed on behavior
under seismic excitations.

After briefly discussing the difference between confined and plain concrete,
the paper reviews present knowledge on the behavior of confined concrete by
examining past experimental and analytical studies on this sUbject and discus
sing the constitutive models that have been suggested. Only those studies
that have not been discussed by Taylor in his state-of-the-art report [2]
will be reviewed herein. The application of these models in predicting the
main parameters of seismic response is also discussed and evaluated. From
the review and evaluation, research and development needs to improve knowledge
of the properties and behavior of confined concrete are suggested and ways of
formulating more realistic constitutive relations for this concrete are offered.

CONFINED CONCRETE

Reinforced concrete flexural elements are usually laterally reinforced.
Because reinforcing steel must be protected against corrosion, fire etc., in
each region of an element two different types of concrete must be distinguished:
"plain" concrete, which forms the protective cover or shell of the element,
and "confined" concrete which forms its core, that is, the concrete within
the cover which is restrained by the lateral reinforcement. The behavior of
the confined core is essentially different from that of the unconfined cover
or plain concrete. Although these two types of concrete at their contact
undergo similar deformations under loading, the two adhere to different stress
paths. Furthermore, the concrete cover of the confined core spalls at longi
tudinal strains smaller than those observed from tests conducted on plain con
crete specimens. The closer the spacing and the larger the size of lateral
reinforcement, the ·less will be the effectiveness of the cover in resisting
loads [8]. There is a need for improving understanding of the behavior and
effectiveness of concrete cover with regards to the tie size, tie spacing,
cover thickness, etc.

Unfortunately, what constitutes cover and confined core in an actual
reinforced concrete structural element is unclear due to the arch formation
between ties. The difficulties involved in defining these two parts at any
cross section of a laterally reinforced concrete element have been discussed
by Sargin [8] and Park and Paulay [9]. It is therefore not surprising that
among researchers, discrepancies often result regarding the actual load
deformation behavior of confined concrete. A constitutive relation for con
fined concrete formulated by one researcher is rarely the same as that formu
lated by another since the relation is usually applicable only for the test
condition from which it was derived.

REVIEW OF PAST STUDIES ON CONFINED CONCRETE

This review complements that carried out by Taylor in his state-of-the-art
report [2].

An extensive review of work on the stress-strain relationship of confined
concrete under uniaxial compression carried out up to 1970 has been done by
Sargin [8]. Most of the studies of confined concrete of realistic reinforced
concrete structural elements were carried out after 1961 and grew out of the
concept of "ductile concrete" introduced by Blume, et a1. [10].



In 1971 Burdette and Hilsdorf [11] published the results of their
investigation on the behavior of laterally reinforced concrete columns. Park
and Paulay [9] have reviewed the studies conducted on confined concrete up to
1973. Since then, several other works have been carried out, some experi
mentally [12-16] and others analytically oriented [4,7,17,18].

In reviewing the results of all these studies it is convenient to distin
guish the case of confined concrete under external uniaxial compression from
those of confined concrete under external multiaxial states of stress.

Stress-Strain Relationship for Confined Concrete under External, Monotonically
Increasing Uniaxial Compression

In general, a designer of seismic-resistant structures is interested in
three main mechanical characteristics of the structural material: initial
stiffness, yielding and/or maximum strength, and deformational capacity (duc
tility). From the results obtained there is general agreement among research
ers that the use of lateral reinforcement which· meets or exceeds present
seismic code requirements for lateral confinement causes: (1) no significant
change in the initial stiffness of the corresponding plain concrete; and (2)
an increase in concrete ductility (deformability or toughness), that is,
the strain at which the strength of confined concrete starts to decrease
significantly is considerably higher than that observed from the results
obtained on plain (unconfined) concrete. However, there is no complete
agreement regarding the specific quantification of the observed increase
in ductility. Regarding strength, the lack of agreement is even greater.

Although no complete explanation for the above lack of agreement can be
offered, the authors believe that part of the problem concerns the way in
which stress-strain relationships were measured in the different experiments
conducted and the manner in which the stress and strain were computed from
the measurements obtained. The main problem is that stress and strain cannot
be measured at a point, and while stresses, f c ' are usually obtained from
measurements of the loads, P, and areas, A, where f c = pIA, the strains, E,
are computed from the measured elongation, ~L, along certain lengths, L,
where E = ~L/L. Therefore, what is usually represented are average stresses
versus average strains. which implies that the derived stress-strain rela
tionship includes many particular test and measurement conditions.

To compare the different relationships, it is necessary to reduce them
to a level where they are a function of the basic material characteristics.
rather than the way in which they are measured. This requires determination
of the true stresses and true strains of the confined concrete. The need for
this kind of data reduction is shown in Fig. 1, Which plots and compares the
stress-strain relationships obtained using different types of instrumentation
and different ways of computing the average stresses and strains. This figure
indicates that the actual stresses in the core can be much higher than the
stresses calculated over the gross area, Ag • or even higher than the stresses
calculated on the basis of a constant defined core area, Ac ' generally defined
in codes as that area which is enclosed by the outer perimeter of the confining
hoops. Similarly, the actual strains in the core can be significantly higher
than the measured average strains. Sargin [8] has developed equations that
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FIG. 1 COMPARISON OF DIFFERENT STRESS-STRAIN RELATIONSHIPS THAT CAN BE
OBTAINED DURING TEST OF ONE CONFINED CONCRETE SPECIMEN

permit the eTfective core area to be computed and also discusses how the non
uniform strain distribution along the entire length of a specimen can be in
cluded in computing its total deformation.

As discussed above, it is not possible at present to obtain actual stress
and strain values. However, attempts should be made to measure the variations
of the area of the critical section as the test progresses, as well as to use
the smallest gage length possible in measuring the deformation of the fibers
at the critical section.

The effects of different measurements and definitions of stresses and
strains in the derivation of the constitutive model for confined concrete
have been discussed in reference 13. In this study it was evident that to
predict the behavior of any reinforced concrete specimen, not just those that
have been tested, it is necessary to obtain the relationship between the true
stresses and true strains rather than between the average values. Furthermore,
it is well known that the average stress-strain relationships of confined con
crete are sensitive to the type and arrangement of the lateral reinforcement.

Confinement due to rectangular ties--Of all the idealized, monotonically
increasing stress-strain relationships that have been suggested to date, the
most commonly used is that proposed by Kent and Park [19]. It should be noted
that this stress-strain idealization has been derived for confinement using
simple arrangements of rectangular hoops (ties) and that there has been very
little testing of concrete confined by the more complex arrangements of trans
verse reinforcement typical of columns in practice [20]. Some of these hoop
arrangements were investigated and reported in references 13 and 14. The ar
rangement of lateral reinforcement used in the studies reported in reference
13 is illustrated in Fig. 2. Besides studying the degree of confinement
offered to plain concrete by the type of lateral reinforcement shown in Fig. 2,
the effect of concrete cover and longitudinal reinforcement were also investi
gated.
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From the results obtained and presented
in reference 13, the following conclusions
were drawn.

1. Although the confined concrete speci
mens showed a definite increase in the maximum
concrete stress over that of the unconfined
concrete specimens, the main increase was in
the ductility capacity. While the increase in
strength was only 13%, the increase in duc
tility was up to 300% at the point where the
maximum strength was reached and up to 1000%
at the point of the descending branch of the
curve where f c /f6 = 0.85.
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2. For the specimens tested, the values
of the confinement effectiveness coefficient,
ko,* at the maximum stress level ranged from
1.35 to 2.07, while the UBC and ACI codes
specify 3.33 and 1.88, respectively. The
definition of ko ' as well as its significance
for the design of columns, is discussed in
detail in reference 12.

3. By improving the basketing of the con
concrete through the addition of longitudinal
reinforcement, the confinement of the concrete
was correspondingly improved, resulting on an
average of a 7% increase in the maximum strength
of concrete stress. Initiation of buckling of
longitudinal reinforcement was detected for
longitudinal strains of about 0.025. Since the
decrease in load-carrying capacity of the steel
due to buckling was not considered in determin
ing the stress-strain relationship of the con

concrete, the relation presented (Fig. 3) is conservative for strains
initiation of buckling of the longitudinal reinforcement.

DETAILS OF SPECIMEN
REINFORCEMENTS

(IN. = 25.4 MM) [13]
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4. No abrupt drop was observed in load resistance of the specimen when
the concrete cover started to spall. The spalling of the cover appeared to
pull away a larger volume of the supposedly confined concrete between two
consecutive ties than that which spalled due to arch formation in the speci
mens without cover. To consider the effect of the crushing and spalling of
the concrete cover on the effective area of concrete resisting axial compres
sion, a linear variation of the area from 1.0 Ag at sL = 0.0025 to (A /Ag)Ag
at sL = 0.01 was a reasonable approximation for the specimens tested (Fig. 4).

5. None of the current methods (constitutive models) for predicting
behavior of axially loaded confined concrete were capable of predicting accu
rately the complete stress-strain relationship obtained in the tests (Fig. 5).
While some of them underestimated the maximum stress and/or strain at which
this maximum stress was reached, other models underestimated the strain values
in the descending branch of the stress-strain curve.

Concrete confined by
circular hoops--There are
less experimental data
available on circular sec
tions confined by circular
hoops or spiral reinforce
ment than those for rec
tangular ties. Leslie [21]
has postulated a stress
strain curve for circular
confined concrete columns,
similar to that developed
by Kent and Park [19] for
rectangular confined con
crete. Tests have shown
that the mechanism of con
finement for circular and
rectangular hoops are quite
different [8,9,11,16] .
Circular hoops (welded or
in the form of a continuous
spiral) are the most effec
tive form of lateral rein
forcement for restraining
transverse expansion.
Hence, the stress-strain
curve for circular sections
confined by circular hoops
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6. An improved stress-strain relationship is suggested which considers
increase in strength and ductility caused by the type of lateral and lon

gitudinal reinforcement
used in this study and
offers better agreement
with the experimental re
sults obtained than those
predicted using current
constitutive laws (Fig. 6) .
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Effect of Strain Gradient on Flexural Members

can be expected to differ from those confined
by rectangular hoops. The greater effective
ness of circular confinement should be re
flected not only in the larger increase in
the strength of the confined concrete but
also in the characteristics of the descen
ding branch as well as in the damage pattern
and mode of failure. Analyses of the results
available [10,12,21,22] confirms the above.
Figure 7 illustrates the difference between
the stress-strain curve for concrete confined
with either circular or rectangular spirals.
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6.:lirflm WIRE" 30mm
p"o.0287
fc·16N/mm2

/.-........~
/ .........

/ '-.I "
RECTANGULAR SPIRAL

f:'·.~~:i.~/::Omm
CIRCULAR SPIRAL
6.5mmWlRE.45mm

RECWlGU..AR SPIRAl. p: :'~~~~mm2
.4 Smm WIRE. 4Smm fC

~;': '~f~~mm'

.8

1.2

1.6

2.0

2.4

2.8

FIG. 7 COMPARISON OF STRESS
STRAIN RELATIONSHIPS FOR CON
CRETE CONFINED WITH CIRCULAR
AND RECTANGULAR SPIRALS [22J

In most structures the critical reinforced
concrete regions are subjected to strain
gradients, and the applicability of
constitutive models derived from concentric
compression tests under these conditions
has been questioned. Although the effects
of strain gradient on concrete behavior are

not completely known, there are indications that the values of the modulus of
elasticity, Ec ' the compressive strain corresponding to maximum stress, Eo,
and the ratio of maximum stress to cylinder strength, fCmax/f~, increases
with increase in strain gradients. Sargin [8] has proposed some equations
which quantify the effects of strain gradients. However, such equations are
derived from limited data and can be considered of an exploratory nature only.
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A series of tests has recently been carried out at the Portland Cement
Association laboratory [151 to determine the behavior of confined concrete
under strain gradients. The results obtained have been presented as stress
strain curves in which the stresses were computed on the basis of the gross
area. This makes it difficult to interpret the actual stress-strain that
developed in the confined concrete. Comprehensive investigations of the effect
of strain gradient in confined concrete should be conducted since this informa
tion is essential in studying in detail the behavior of critical regions of
flexural structural members.

Behavior of Confined Concrete (Stress-Strain Relationship) under Seismic
Excitations

As pointed out by Taylor [2] seismic disturbances of a structure create
special conditions which are not normally present in structures subjected to
"standard" types of excitations. Behavior of concrete in the domain defined
by these conditions has only been studied very recently, and such studies
are few in number and limited in scope. Although some studies on the effect
of strain rate on confined concrete have been conducted [121, more comprehen
sive studies on the effect of this parameter are needed.

Most studies have been conducted under uniaxial compression. For this
case, researchers usually assume that the stress-strain relationship for
confined concrete under cyclic loading is represented by a family of unloading
and loading curves whose envelope is the curve obtained under monotonically
increasing uniaxial compression. In idealizing hysteretic curves, different
investigators have made different assumptions [6,7,23,241.

Despite different idealizations of the hysteretic curves, all the research
ers obtained good agreement with their experimental results. Perhaps one
reason for this is that these models were all used to predict flexural beha
vior of very ductile members which are not highly sensitive to the nonlinear
behavior of concrete [241. This may not be true for other structural members
whose behavior can be sensitive to the cyclic behavior of concrete. This
will be discussed later in the case of shear wall panels.

The authors believe that knowledge of the actual hysteretic behavior of
concrete--unconfined and confined--is of partiCUlar importance in the case of
structures that have been subjected to damage and are then repaired, particu
larly, if cracks are filled with epoxy or any other material. The subsequent
response of the structure, even under service loads, can be very sensitive
to the previous hysteretic behavior of this repaired concrete. Thus, efforts
should be devoted to improving knowledge of hysteretic behavior at large in
elastic strains.

Effect of Transverse Shear on HYsteretic Behavior of Flexural Members

Most of the investigators that have worked on the problem of predicting
the hysteretic behavior of reinforced concrete members or structures under
seismic conditions have based their predictions on existing bending theory
in which only curvature due to normal flexural strains are considered. While
excellent agreement has been obtained in predicting response under monotonically
increasing deformation, and good correlation has been obtained up to the end
of the first cycle involving full reversals of significant inelastic deformation



little agreement has been obtained for subse~uent cycles. The larger the
shear stresses, the lower is the correlation.

The presence of shear forces induces shear deformations which contribute
to the deflection of the elements. Furthermore, inelastic shear strains pro
duce volume dilatancy Which, in turn, induces significant forces in the stir
rups. These forces initiate normal stresses in the concrete, converting the
plain concrete into confined concrete. These two effects have been mOdeled
by Ba~ant [7] who has applied the endochronic theory of inelasticity to plain
concrete. The difficulty in applying this or any other theory to predict the
effect of shear is with regards to predicting crack formation and propagation,
crack closing and reopening. Ba~ant assumes that there is only one crack
system in which the cracks are open and accounts for this by changing the
original matrix using a shear transfer factor, a, that was originally intro
duced by Suidan and Schnobrich [25]. This shear transfer factor represents
the effect of aggregate interlocking on rough surfaces of opened cracks.
Although Ba~ant recognizes that this factor decreases with the opening of the
crack and increases with the relative displacement parallel in the crack,
following the suggestions made in reference 25,· he assumes a constant value
of a = 0.5 in his numerical calculations. Although application of this assump
tion yielded satisfactory agreement with test data, it is ~uestionable whether
this assumption can be applied to predicting behavior of real elements under
high shears.

The complexity of predicting the effect of shear in the hysteretic beha
vior of flexural members SUbjected to reversals of deformation has been dis
cussed by Ma, Bertero, and Popov [24]. After discussing the basic mechanism
of shear transfer and resistance in cracked regions SUbjected to load-deformation
reversals, these authors formulated a mathematical model for predicting the
hysteretic shear force-deformation relationship. Emphasis was placed on con
sidering analytically the observed increase in shear resistance degradation
with increases in both the magnitude of the applied shear and/or de-
formation and in the number of cycles of reversals. The possible shear degra
dation mechanisms include (1) opening of cracks due to yielding or slippage
of the main reinforcement; (2) spalling of the concrete cover around the peri
phery of the flexural critical region; (3) degradation in stirrup-tie anchor
age due to large variations in the strains where it is crossed by inclined
cracks, and/or by splitting and spalling of the concrete cover; (4) crushing
and grinding of concrete at the crack surfaces which could lead to less effec
tive aggregate interlocking resistance along the open cracks; and (5) local
disruption of bond between the longitudinal steel and concrete due to dowel
action along the open cracks.

The analytical model used offered reasonable prediction of the shear
degradation which occurred at the initial loading of reversals at a displace
ment ductility ratio of one, and in the first cycle at a ductility ratio of
two. It could not predict the shear degradation occurring during reversals
at a displacement ductility of two. This is because the model used for the
shear resistance elements, i.e., aggregate interlocking, tie resistance across
the cracks, and dowel action of the main bars, did not account for the effect
of their degradation due to reversals. It seems that in order to predict
shear degradation (particularly, at the initial phase of reloading) due to
repeated reversals at a displacement ductility of two or greater, it is essen
tial to incorporate into the analysis a degrading model for the elements
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resisting shear along the large open cracks. More specifically, it is essen
tial to obtain data regarding the hysteretic behavior of all such resisting
elements. The analytical results indicate that it is necessary to formulate
a degrading aggregate interlocking resistance model to predict the initial
shear stiffness degradation that occurs under loading reversals. It is also
necessary to have better information regarding gaps that can be developed
between both the ties and main bars and the main bars and confined concrete.

Since the shear force-deformation response was predicted on the basis of
the observed crack pattern, measured crack width, and yielded length of the
main steel, it would be desirable to predict these parameters analytically.
To do this requires knowledge of the mechanisms controlling the interacting
inelastic shear and flexural deformations as well as the mechanisms of slippage
of the main bars.

Two observations, whose importance cannot be overemphasized, can be drawn
from the above description. First, the problem of shear effects in flexural
members cannot be isolated from the problem of flexural deformation. Secondly,
it must be recognized that reinforced concrete is a composite material, not
two independent materials. Thus, understanding of the hysteretic behavior of
reinforced concrete structures under seismic excitations ne¢essitates know
ledge of the interaction of the two constituent materials of this composite
material. Independent development of better constitutive models for each of
the two constituents (plain concrete and reinforcing steel) although necessary,
is not sufficient. Development of constitutive models requires careful study
of the interaction between these two materials. Among the main parameters
that control the hysteretic behavior of reinforced concrete elements is the
bond, or interaction between steel and concrete [26].

Effectiveness of Steel-Concrete Interaction under Seismic Excitations

Experiments have shown [24,26] that the effectiveness of stress transfer
between steel and concrete under monotonically increasing loads is quite dif
ferent from that under cyclic loads which induce deformational reversals.
When the intensity of the stress induced in the steel bar due to this type of
cyclic load exceeds certain values, the slippage of the bar increases with
each cycle. Although some bond stress-slip relationships have been formu
lated and used [24,26], they are accurate only when used to predict behavior
of reinforced concrete elements similar to those that have been used in the
tests from which the data used in the derivation of the relationships have
been obtained.

Bond deterioration in the anchorage and splicing of reinforcing bars is
one of the weakest construction links in seismic-resistant reinforced concrete
structures that have been designed according to recently recommended or pro
posed seismic codes. At present, the amount and spacing of lateral reinforce
ment required to provide adequate (1) confinement of concrete, (2) lateral
restraint to the main bars to delay their buckling, and (3) resistance to the
shear effects, are such that most of the failure mechanisms (at the columns and
beams, and at the joints) that have been observed in buildings designed accord
ing to previous codes will be suppressed in buildings designed according to
recent codes. Instead, failure mechanisms will likely develop due to large
slippage of continuous bars along their embedment length at interior joints
and/or at their end anchorage, particularly if lapped splices are used.



Thus, it is important to improve our knowledge of the stress transfer
between steel and concrete under seismic excitations and to search for a gen
eral bond-slip relationship which will permit realistic seismic response
analyses of reinforced concrete structures to be carried out.
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Concludi Constitutive Models of Confined and Unconfined
Behavior of Flexural Members Beams and Columns)

Although a number of constitutive models for concrete has been formulated,
development of a general model for the detailed analysis of the hysteretic
behavior of flexural, reinforced concrete members under seismic excitations
requires further study. Integrated experimental and analytical studies are
necessary. Before a general model can be formulated, better understanding
is needed of the basic mechanisms controlling the behavior of the reinforced
concrete composite material in the critical regions of the flexural member.

Constitutive Models of Concrete under External Multiaxial Stresses Induced by
Seismic Excitations

Although Ba~ant [4,7] claims that the endochronic theory of inelasticity
in concrete is a good indicator of the response of plain concrete under multi
axial stresses--including strain-softening and failure envelopes, torsion
compression tests~ lateral stresses, volume change, unloading and reloading
diagrams and cyclic loading--except for close agreement between the theoreti
cal predictions of the hysteresis with test data of three reinforced concrete
beams, no other successful applications of the theory have been reported.
There is a need to investigate ways of applying this theory to predict the
hysteretic behavior of reinforced concrete critical regions which can be sub
jected to complex triaxial states of stress.

Biaxial stress-strain relationships--Darwin and Pecknold [6] formulated
a nonlinear constitutive model for plain concrete subjected to cyclic biaxial
stresses and applied it to the analytical prediction of the behavior of shear
panels. The proposed constitutive model was based on the use of stress-strain
curves similar to the uniaxial nonlinear stress-strain curve for plain con
crete, and was claimed to be a significant improvement over elasto-plastic
idealizations. However, Agrawal and Mufti [6] believe that the good agreement
obtained by Darwin and Pecknold was due to allowing for two sets of open
cracks and that good agreement can also be obtained using an elasto-plastic
idealization. While Darwin and Pecknold state that bond slippage is not a
major factor in deep shear walls, Shipman and Gerstle [6] show that even for
the deep shear walls tested, the effects of bond slippage cannot be neglected.

From the above discussion, it is clear that no reliable constitutive model
has yet been formulated for the case of biaxial stress states of reinforced
concrete members, which is of utmost importance for the prediction of behavior
of shear panelS in structural wall systems.

RESEARCH AND DEVELOPMENT NEEDS

As discussed above, there are several major areas of knowledge regarding
properties and behavior of currently used concrete which need further develop
ment or improvement before this composite material can be used effectively in
combination with reinforcing steel to construct earthquake-resistant reinforced
concrete buildings. Identification of these areas should be done taking into



606

consideration that although the main concern is to improve knowledge of the
behavior of concrete when subjected to the effects of all possible seismic
ground motions likely to occur during a building's service life, these effects
cannot be isolated from those induced by normal excitations and from the cumu
lative damage that can be induced by a series of consequential or independent
abnormal events. Several research and development needs are described below.

1. To Improve Knowledge of the Mechanical Characteristics of Plain
Concrete According to Properties of its Constituents

Plain concrete is a composite material made up of different types of
aggregates, cement, water, and additives (admixtures). Usually, only the
cylindrical compressive strength, f~, is specified. and determined by testing.
In most of the constitutive models that have been formulated, f~ is the only
parameter to be specified for a given concrete [7]. Alone, however, this
mechanical characteristic is insufficient for predicting the performance of
plain or confined types of concrete under seismic excitations. The following
three parameters should also be considered.

(a) Modulus of elasticity--Although this parameter depends on strength
and unit weight it is also very sensitive to the characteristics of the aggre
gate used.

(b) Deformability--To predict behavior of both the cover as well as
that of the confined core of reinforced concrete elements under severe seismic
excitations, it is necessary to know the complete stress-strain relationship
of plain concrete, and not just up to the maximum strength.

(c) Poisson ratio--This parameter is needed to predict behavior of con
fined concrete.

2. To Improve Some of the Main Characteristics of Current Concrete Mixes

To attain more efficient earthquake-resistant concrete material, it will
be necessary:

(a)
(b)

(modulus

3.

to improve deformability of concrete, particularly in tension, and
to increase ratios of both strength per unit weight and stiffness

of elasticity) per unit weight.

To Determine the Effects of Aging and Environmental Conditions on
Mechanical Characteristics of Concrete

Concrete is a building construction material very sensitive to the influ
ence of the service history of the building. Very little is known about the
effect of aging on the mechanical characteristics of concrete, particularly
of concrete that is used in precasting, where different additives are used
to obtain high-strength concrete in one-day steam-curing operations. The same
is true for the mechanism of cumulative deterioration of concrete properties
when sUbjected to severe changes in environmental conditions. Further study
in this area is needed in order to predict damageability [27]. To predict
seismic building response and potential damage it is necessary to assess the
current state of the building at the time of the earthquake.



4. Development of New Types of Concrete

Normal-weight aggregate concrete has too low a strength per unit weight
ratio for earthquake-resistant construction. The use of current lightweight
aggregate concrete is attractive but there is a need to improve some of its
properties or to develop new concrete mixes according to the needs stated
under item (2).
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5. in Real Reinforced
Mechanical Behavior
~citations , and

In reinforced concrete practice, confinement is usually achieved through
properly designed and detailed lateral reinforcement. However, due to the
need to protect the reinforcing steel against fires and corrosive environmen
tal conditions, the confined core is covered by a shell of plain concrete.
To obtain a full understanding of the behavior of the actual structural ele
ment, it is necessary to:

(a) study the behavior of the cover of confined concrete. Although the
cover is of plain concrete, its behavior is affected by the presence and be
havior of the confining lateral reinforcement;

(b) study the effect of spalling of the cover on the reduction of the
effective resistant area of the confined concrete core (arch formation); and

(c) carry out comprehensive, integrated experimental and analytical
studies of behavior of concrete confined by different arrangements of the con
fining lateral reinforcement. These studies should be conducted considering
both externally applied uniaxial and multiaxial compressive states of stress
under seismic conditions as well as under quasi-static increasing deformations.

6. To Establish Proper Test Specimens, Test Conditions and Instrumenta
tion to Measure Deformations and Effective Resistant Areas of Confined
Concrete and Proper Methods for Computing Stress-Strain Relationships
of Confined Concrete

No two researchers use the same testing conditions, instrumentation
or ways of computing the stress-strain relationship. Without stan-
dard procedures and methods, analyses of individual results are complicated
and direct comparisons are usually invalid.

T. To Determine the Behavior of Stress Transfer (Bond) between Steel
and Unconfined and Confined Concrete under Seismic Conditions

Reinforced concrete is a composite material of steel and concrete.
Under severe seismic excitations, deformations concentrate in cracked regions.
Hysteretic behavior of these cracked regions and their opening, closing, re
opening, etc. are highly dependent on the interaction between steel and con
crete (bond-slip relationship). There is presently little reliable data on
which to base the formulation of a reliable bond-slip law.
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8. To Improve Present Bond Characteristics and to Develop Methods of
Bond Repair

The seismic design requirements for confinement and reinforcing of
structural concrete members have been upgraded to such a degree that the
triggering failure mechanism in such elements will be associated with the
lack of adequate bond in the embedment length of continuous bars at joints
or in the anchorage of the discontinuous bar, particularly in lapped splices.
Bond deterioration in well confined concrete is due to internal cracking of
the concrete and/or internal local crushing or shear of the concrete between
the ribs of a deformed bar. Therefore, detection and repair of bond deter
ioration cannot be effected from the external surface of the members.

9. Shear and
Concrete

Hysteretic behavior of reinforced concrete structures under severe earth
quake excitations is controlled by the inelastic deformations induced by the
combined effected of flexure, shear, and axial forces. These inelastic defor
mations are concentrated at the critical (cracked) regions. Thus, their
prediction requires full understanding of the basic mechanisms of crack
formation, propagation, and shear transfer along the cracks as affected by
aggregate interlocking, friction, tie resistance, and dowel action. Inte
grated experimental and analytical studies should be conducted to gain such
understanding before reliable constitutive models are to be formulated.

ACKNOWLEDGMENTS

Some of the studies reported herein have been carried out with the finan
cial support of the National Science Foundation under Grant No. ENV76-04263,
subproject 0-21198. The authors are grateful for the valuable suggestions
offered by Professor E. Popov, who is the principal investigator of this
project.

REFERENCES

1. Bertero, V. V., "Research Needs in Limit Design of Reinforced Concrete
Structures," Report No. EERC 71-14, Earthquake Engineering Research
Center, University of California, Berkeley, June 1971.

2. Taylor, M. A., "Constitutive Relations for Concrete under Seismic Con
ditions," preprint from Workshop on EarthqUake-Resistant Reinforced
Concrete Building Construction, University of California, Berkeley,
July 11-15, 1977.

3. Considere, A., Experimental Research of Reinforced Concrete, English
translation by L. F. Moissef, Mc Graw Publishing Co., New York, 1903.

4. Bazant, Z. P. and Bhat, P. D., "Endochronic Theory of Inelasticity and
Failure of Concrete," Journal of the Engineering Mechanics Division, ASCE,
Vol. 102, No. EM4, Proc. Paper 12360, August 1976.



5. Hognestad, E., "A Study of Combined Bending and Axial Load in Reinforced
Concrete Members," Bulletin Series No. 309, Engineering Experimental
Station, University of Illinois, Urbana, November 1951.

6. Darwin, 0 and Peclmold, D. A., "Analysis of Ric Shear Panels under Cyclic
Loading," Journal of the Structural Division, ASCE, Vol. 102, No. ST2,
February 1976. Discussions by: Agrawal, A. B., and Mufti, A. A., Vol.
103, No. ST1, January 1977; and Shipman, G. M. and Gerstle, K. H., Vol.
103, ST4, April 1977.

7. Ba~ant, Z. P. and Bhat, P. D., "Prediction of Hysteresis of Reinforced
Concrete Members," Journal of the Structural DiVision, ASCE, Vol. 103,
No. ST1, January 1977.

8. Sargin, M., "Stress Strain Relationships for Concrete and the Analysis
of Structural Concrete Sections," Study No.4, Solid Mechanics Division,
University of Waterloo, Waterloo, Ontario, Canada, 1971.

9. Park, R. and Paulay, T., Reinforced Concrete Structures, John Wiley and
Sons, New York, 1975.

10. Blume, J. A., Newmark, N. M., and Corning, L. H., "Design of Multistory
Reinforced Concrete Buildings for Earthquake Motions," Portland Cement
Association, Skokie, 111.,1961.

11. Burdette, E. G. and Hilsdorf, H. D., "Behavior of Laterally Reinforced
Concrete Columns," Journal of the Structural Division, ASCE, Vol. 97,
No. ST2, February 1971

12. Bresler, B. and Bertero, V. V., "Influence of High Strain Rate and Cyclic
Loading Behavior of Unconfined and Confined Concrete in Compression,"
preprint from Second Canadian Conference on Earthquake Engineering,
Hamilton, Ontario, Canada, June 5-6, 1975.

13. Vallenas, J., Bertero, V. V., and Popov, E. P., "Concrete Confined by
Rectangular Hoops Subjected to Axial Loads," Report No. UCB!EERC-U!13,
Earthquake Engineering Research Center, University of California,
Berkeley (in press).

609

14.

15. Kaar, P. H., et al., "Confined Concrete in Compression Zones of Struc
tural Wall Designed to Resist Lateral Loads due to Earthquakes," Pro
ceedings of the International Symposium on Earthquake Structural Engineer
~, Vol. 2, St. Louis,August 1976.

16. Shimazu, T. and Hisai, G., "Confinement Effects of Web Reinforcements
on Reinforced Concrete Columns," preprint from Sixth World Conference
on Earthquake Engineering, Vol. 11, New Delhi, India, January 1977.



610

17. Mroz, Z., "Mathematical Models of Inelastic Concrete Behavior," Study
No.8, Solid Mechanics Division, University of Waterloo, Waterloo,

. Ontario, Canada, ed. by Z. Cohn, 1973.

18. Cedolin, L., et al., "Triaxial Stress-Strain Relationship for Concrete,"
Journal of the Engineering Mechanics Division, ASCE, Vol. 103, No. EM3,
June 1977.

19. Kent, D. C. and Park, R., "Flexural Members with Confined Concrete,"
Journal of the Structural Division, ASCE, Vol. 97, No. ST7, July 1971.

20. Park, L., "Accomplishments and Research under Development Needs in
New Zealand," preprint from Workshop on Earthquake-Resistant Reinforced
Concrete Building Construction, University of California, Berkeley,
July 11-15, 1977.

21. Leslie, P. D., "Ductility of Reinforced Concrete Bridge Piers," Master
of Engineering Report, University of Canterbury, Christchurch, New
Zealand, 1974.

22. Iyengar, R. K. T. S., et al., "Stress-Strain Characteristics of Concrete
Confined in Steel Binders," Concrete Research, Vol. 22, No. 72,
September 1970.

23. Blakeley, R. W. G., "Ductility of Prestressed Concrete Frames under
Seismic Loading," Ph.D. Thesis, University of Canterbury, Christchurch,
New Zealand, 1971.

24. Ma, S. Y., Bertero, V. V., and Popov, E. P., "Experimental and Analytical
Studies on the Hysteretic Behavior of Reinforced Concrete Rectangular
and T-Beams," Report No. EEHC 76-2, Earthquake Engineering Research
Center, University of California, Berkeley, May 1972.

25. Suidan, M. and Schnobrich, W. C., "Finite Element Analysis of Reinforced
Concrete," Journal of the Structural Division, ASCE, Vol. 99, No. ST10,
Proc. Paper 10081, October 1973.

26. Bertero, V. V., Popov, E. P., and Viwathanatepa, S., "Bond Deterioration
under Generalized Loading," Report No. UCB/EERC-77/15, Earthquake Engineer
ing Research Center, University of California, Berkeley (in press).

27. Bertero, V. V. and Bresler, B., "Design and Engineering Decisions:
Failure Criteria (Limit States)," presented at the Panel. on Design and
Engineering Decisions, Sixth World Conference on Earthquake Engineering,
New Delhi, India, January 1977.



WORKSHOP ON EARTHQUAKE-RESISTANT REINFORCED
CONCRETE BUILDING CONSTRUCTION (ERCBC)

University of California, Berkeley, July 11-15, 1977

STRENGTH AND DUCTILITY OF REINFORCED CONCRETE

COLUMNS WITH RECTANGULAR TIES

by

611

S. M. Uzumeri
Professor

Shamim A. Sheikh
Graduate Student

Department of Civil Engineering, University of Toronto, Toronto, Canada

INTRODUCTION

This is a brief report on the results of a current research program at
:he University of Toronto. Examination of the state-of-the-art papers and
:ecommendations submitted to the workshop indicate a need for information on
:he effectiveness of rectangular ties in columns. The Toronto project is at
lresent about 60% complete. However, it appears that a preliminary reporting
If the results obtained' to date may be useful.

While most of the researchers agree that the rectangular ties improve
:he ductility of the confined concrete, there is a considerable difference of
lpinion about the increase in the load carrying capacity of the confined concrete
core[lJ-[23J. Factors causing the enhanced load carrying capacity and the
luctility of the confined concrete core include the amount of lateral ties,
listribution of column steel around the perimeter of the core, configuration
If the tie steel and the relationship between the size of column steel and size
lnd spacing of the lateral steel that delays the buckling of the column steel.

TEST PROGRAM

To date 18 square specimens with cross section of 12" x 12" (305m x 305mm)
md 6' -5" (196Omm) long have been tested under monotonic axial compression to
'ailure. Ends of specimens were enlarged and confined with steel plates to
lrevent premature end failures. Columns were cast vertically, in steel forms,
1ith six specimens being cast at the same time. In all specimens dimension of
:he core (measured from center to center of perimeter hoop) was 10.5"xlO.5"
:267 x 267mm). Dimensions of the specimens are given in Figure 1.

TEST VARIABLES

Test variables for each speciman are given in Table I. Following is a
lrief summary of the variables examined or planned for examination.

L. Distribution of Column Steel Around Perimeter

There are no reasons why well distributed longitudinal column steel should
lot improve the confinement mechanism of the concrete core. Most of previous
:ests have been performed on specimens with four corner bars. To investigate
~he significance of this effect, columns are constructed with 8 or 12 or 16
Iniformly distributed longitudinal bars. The resulting cross sections and tie
:onfigurations are shown in Figure 1. So far only the configuration A and C
lave been investigated.
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2. Amount of Lateral Reinforcement

Volumetric ratio of tie steel (p ) was varied. Values used were approxi
mately 0.8 or 1.6 or 2.4% of the vOlflme of core concrete.

3. Tie Spacing(s)

The ratio of the tie spacing to the dimensions of the confined core can
be an important parameter in determining the column behaviour. Smaller spacing
should lead to more effective confinement, and small spacing of ties may also
delay the buckling of the longitudinal bars.

A number of pairs of columns have been tested with tie spacing as a
variable while keeping the volumetric ratio of transverse steel constant.

4. Amount of Longitudinal Reinforcement

The ratio of the area of longitudinal reinforcement to the gross section
area was varied between 0.017 and 0.034. This variable was investigated by
comparing columns of otherwise identical nature.

5. Characteristics of Transverse Steel

The effect of yield strength and stress-strain characteristics of the tie
steel on the confinemement of the core is examined. Lateral steel was heat
treated in some columns for the purpose of re-introducing a flat yield plateau.

EXPERIMENTAL WORK AND INSTRUMENTATION

The alphanumeric characters in the titles of the columns (e.g. 4C6H-6)
indicate the following:

- The first number represents the amount of longitudinal reinforcement
rounded off to a whole number percentage (2% or 4%). The letter
after the first number indicates the configuration of reinforcement
in the column section.

The second number refers to the amount of lateral reinforcement.
The letter 'H' if present after the second number indicates that
the lateral reinforcement has been heat treated.

The last number is the sequence number of the specimens tested and
is used as a convenient reference.

To ensure that failure occurs in the instrumented portion of the column
the spacing of the sets of ties outside the test region was reduced. In the
first set of 6 specimens the length of the test region varied between 15 - 18
inches (38l-457mm) while in the other 12 specimens it was about 24". In all
tests failure occurred in the instrumented region.

Test data included measurements of strains in both the longitudinal bars
and the stirrup reinforcement. Longitudinal and lateral strains in concrete



were also measured on all four sides of· the column using a Pfender gage over
a gage length of 100mm (4in). Eight bars in all columns were instrumented,
four middle bars with electric strain gages and four corner bars with dial
indicators. In the first 6 columns the gage length for the dial indicators
was 12 inches (305mm) and in all other columns it was 14 inches (356mm).
Each stirrup in one set of stirrups in all the columns were instrumented with
electric strain gages.

Two LVDT's one on the west and the other on the east side of the column,
were installed to obtain the load deformation behaviour of the test region.
Movement of the machine head was also plotted against the load for all columns
except column 4C6H-6. In the first 6 columns the gage length for the LVDT
measurements was 19 inches (483mm) and in all other specimens it was 21 inches
(533mm).

All columns were loaded in monotonic, concentric compression in the
1200 kips Baldwin Universal testing machine. While strain readings were taken,
the load was kept constant. The total testing time from the start of loading
to the end of the test varied from 3 to 6 hours for each specimen.

RESULTS

The preliminary results reported here are obtained by the use of the
LVDT's in the form of load vs. Average strain in the column. The contribution
of concrete in carrying the load was calculated by subtracting the steel
contribution from the total applied load at a particular strain level as shown
in 'igure 2 for column 4C6-5. In doing so, it is assumed that the strain in
concrete is equal to strain in longitudinal steel. A comparison of strain in
the longitudinal steel and the vertical column strain shows that this
assumption is quite valid for the strain range considered in the tests.

Definition of terms

Gross Area (144.0in2 )

Core Area (measured to centre of perimeter hoop, 110.3 in2
)

Steel stress at the strain level considered

615

P =test

P
c~x

€ cmax

Total axial force applied to the column

Force resisted by the column steel (Asf s )

Ptest - Pst

0.85 f~ (Ag - As)

0.85 f~ CAc - As)

Poc + Asfy

Maximum test load carried by the concrete: (P test- Pst)

Average longitudinal strain at Pcmax
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Concrete Contribution

To facilitate a comparison of the behaviour of different columns .the
concrete contribution was non-dimensionalized with respect to the total concrete
force (P ) and the core concrete force (P ). Thus there are two graphs for
each colRffin showing concrete contribution.occThe lower one wns.obtained by
dividing the concrete load by P and the upper one resulted by dividing the
concrete force by P as shownocin Figure 3.

occ

P IPconc occ
.-.J-----t.._

based on
core concrete area

b...d OR

total concrete area

eso..

AVERAGE COLUMN STRAIN

Figure 3: Concrete Contribution curves normalized with respect to
total concrete area and core concrete area.

Results of cylinder tests show that at a strain close to 0.002 (£0)
the stiffness of concrete is very close to zero, and the maximum stress
occurs at approximately this strain. If it is assumed that the concrete
in the cover of the column behaves in a way similar to the concrete in the
cylinder, then the cover should start spalling off at about 0.2% strain (£0)'
This is the approximate point at which the lower curve in Figure 3 ceases
to represent the behaviour of column concrete. Assuming again that
cover concrete is not effective in load carrying beyond a strain of
.004 - .005 (£50 - strain at which the stress drops to 50% of ultimate
in concrete cyl~~der ), the upper curve will represent the concrete
behaviour beyond this strain. Between the strain values of £0 and £50u
a transition takes place from the lower curve to the upper curve.

In this preliminary report no attempt is made to define the shape and
exact ends of the transition curve. Maximum concrete force (Pcmax) in the
column obtained from the tests and the corresponding maximum strains (£cmax)
are listed in Table I. The use of the value of (£cmax), without referring
to the load deformation curves would be misleading in many cases. In
addition the ratio of the maximum test load carried by the concrete (Pcmax)

617
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to the unconfined strength of the core concrete (Pocc ) are given in Table I.

Some of the results are also given in Figures 4 - 9.These figures show
the variation of (Pconc/Poc) or (Pconc/Pocc) with the average column strain
The relevant portions of these curves are the portions after the spalling of
the cover which indicate the increased load carrying capacity of the confined
concrete core.

Figures 4 to 9 show the effect of tie configuration (Figures 4 and 5);
the amount of lateral reinforcement (Figures 6 and 7) and the effect of tie
spacing (Figures 8 and 9) on the additional load carrying capability and the
ductility of the confined concrete core.

CONCLUSIONS

On the basis of the preliminary examination of the tests performed so
far, it may be concluded that:

1. Concrete when confined with rectangular ties and longitudinal steel
exhibit a very significant strength gain as well as increased ductility.

2. Good distribution of the main column steel around the perimeter
enhances the strength of the confined core (Figures 4 and 5).

3. Amount of lateral reinforcement has a very significant effect on
the strength of the confined core (Figures 6 and 7).

4. Increased spacing of the rectangular ties, even with the same
volumetric ratio of lateral steel, results in reduction in the strength gain
of the confined core (Figures 8 and 9).
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INTRODUCTION

It is generally agreed that it is necessary to eliminate the possibility
of shear failures if the ductile response of reinforced concrete structures is
to be ensured. When checking the shear capacity of diagonally cracked ele
ments such as shear walls, beams, columns and joints it is often appropriate
to assume that all of the shear is resisted by diagonal compressive stresses
in the cracked concrete (i.e. by a compression field) ll,21. The difficulty
then is to decide what is the appropriate limiting value of the principal
compressive stress in the concrete. It will be appreciated that because the
stress must be transmitted across cracked and possiblY severely deformed con
crete it is unlikely that the diagonal compressive stress can reach the cyl
inder crushing strength (f~ ) of the concrete.

After briefly describing a failure criterion that has been proposed
for monotonically loaded diagonally cracked concrete this note will discuss
the possibility of applying a similar criterion for diagonally cracked con
crete subjected to reversed cyclic loading.

CRITERION FOR MONOTONICALLY LOADED CONCRETE

For monotonically loaded diagonally cracked concrete it has been proposed
L21 that the stress conditions that exist in the concrete at failure are re
lated to the strain conditions in the concrete at failure.

The stress conditions in the diagonally cracked concrete can be repre
sented by a Mohr's circle of stress such as that shown in Fig. 1. It can be
seen from Fig. 1 that if it's desired to avoid tensile stresses in a concrete
element subjected to shear stresses on "longitudinal" and "transverse" planes
then compressive stresses must exist in both the "longitudinal" and "trans
verse" directions. These compressive stresses must be equilibrated either by
external axial loads or by tensile stresses in the reinforcement.

For the case of no tensile stresses in the concrete it is possible to
derive (from Fig. 1) the follOWing relationship between the applied shear
stress, v, and the resulting maximum diagonal compressive stress, f d

f d = v tan a + vltan a '" (1)
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Figure 1. Equilibrium Conditions for the Average
Stresses in the Concrete

where a is the angle between the longitudinal axis and the direction of the
maximum diagonal compressive stress. The angle a is a function of the ratio of
the magnitude of the longitudinal compressive stress, crt, to the magnitude of
the transverse compressive stress, crt.

The strain conditions in the diagonally cracked concrete can be repre
sented by a Mohr's circle of strain such as that shoWn in Fig. 2. This circle

Normal

Figure 2. Compatibility
Conditions for the Average
Strains in the Concrete
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depicts the relationships which must exist between the average strains (Le.
the strains "measured" over a base length which is several times the crack
spacing) in the various directions.

In constructing Fig. 2 it has been assumed that there is a large tensile
strain, E , in the transverse direction, a smaller tensile strain, Et, tn the
longitud~aldirectionand a,maximum compressive strain of Ed'

It can be seen from Fig. 2 that the maximum shear strain in the concrete
Y

m
(i.e. the diameter of the strain circle) is given by

or by

Y = Y / sin 2a'
m it

••• (2)

••• (3)

where Ct' is the angle of inclination of the principal c.ompressive strain.

It has been proposed [2J that the size of the stress circle, Fig. 1, that
causes the concrete to fail is related to the size of the co-existing strain
circle, Fig. 2. The diameter of the strain circle, Y , was suggested as the
indicator of strain intensity while the diameter of tWe stress circle at ulti
mate, f

du
' was taken as the indicator of stress intensity.

On the basis of a number of experimental results for monotonically loaded
beams subjected to "pure shear" it was suggested [2J that a reasonable estimate
of the value of fdu would be given by:

••• (4)

DIAGONALLY CRACKED CONCRETE SUBJECTED TO REVERSED CYCLIC LOADING

It should be appreciated that the failure criterion described by Equation
4 does not predict exactly how the diagonally cracked concrete will fail. It
merely states that for a particular average strain condition in the concrete
there will be a maximum size of stress circle that can be resisted by the
concrete. Physically the concrete may for example fail on one critical plane
because the shear stress exceeds the maximum that can be transmitted for the
particular combination of axial stresses and crack widths which exist on this
plane.

Because the proposed criterion uses average strain as an indicator of de
formation and concrete cracking the criterion will probably not be appropriate
when the deformation concentrates at one critical crack location as is the
case of "sliding shear" failures [lJ. However, when the crack growth and re
sulting deformation is relatively uniformly distributed over a member it is
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possible that a criterion similar to Equation 4 may be appropriate even for
the case of reversed cyclic loading. The reversed cyclic loading will of
course "soften" the concrete and lead to larger deformations (i.e. larger
values of Ym). A criterion such as that proposed would predict that this in
crease in deformation will lower the value of diagonal compressive stress re
quired to cause failure.

The recent shear wall tests at PCA [3J provide some of the data required
to investigate the validity of the criterion for reversed cYclic loading.
Fig. 3 compares the experimentally determined values of fdu with the experi
mentally determined values of Ym for a number of specimens. Five of the PCA
walls which failed by "web crushing" have been plotted (B2, BS, BSR, B7 and FI)
along with the results of four monotonically loaded beams (CFI, SA2, SA3 and
SA4). The point for the cylinder was plotted on the basis of a Poisson's ,ratio
at ultimate for the cylinder of 0.3. On the basis of these results it seems
possible that a failure criterion for diagonally cracked concrete subjected to
reversed cyclic loading may not be significantly different from that derived
for the monotonically loaded beams (i.e. Equation 4).

1.2 ,~..- ....__._- --,,-~-,_.,- .. - .. ,...
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Figure 3. Principal Compressive Stress at Failure
as a Function of Shear Strain
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CONCLUDING REMARKS

It should be stressed that even if a failure criterion such as that pro
posed proves to be adequate for some cases of reversed cyclic loading a signi
ficant body of information is still required before the criterion can be used
to predict shear capacity. In particular we need to .be able to predict for
any given load history the value of 't.:. In order to do this we need infor
mation on the stress-strain characterlfstics of diagonally cracked concrete.
For ~onotonically loaded diagonally cracked concrete some information is
available [21 on the relationships between principle compressive stresses and
principle compressive strains. However, essentially nothing is available in
the literature on the presumably degrading stiffness properties of concrete
diagonally cracked in both directions and subjected to reversed, cyclic
loading.
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INTRODUCTION

During the past decade, greatly increased emphasis has been placed on
evaluating the suitability of different reinforcing steels for concrete
structures sUbject to earthquakes. Various opinions on this matter have
been expressed on the basis of past earthquake experience, tests of reinforced
concrete structures strained inelastically, and theoretical structural
analyses. Discussions, both written and oral, have concerned the mechanical
properties that reinforcing bars and prestressing steel should haVe to
provide optimum earthquake resistance for concrete structures. This has led
to deliberations by code-writing committees, technical committees of trade
organizations, and other research-sponsoring agencies. AS a result of this
activity and other incentives, some research has been conducted that relates,
either directly or indirectly, to the performance of reinforcing steel in
concrete structures subject to seismic motions. Finally, the net effect of
these various efforts tempered by practical limitations encountered in the
production of reinforcing steels has culminated in material and design
specifications for structures constructed in seismic zoneS,

This paper first traces these recent developments as related to the
seismic performance of reinforcing steel. Included is pertinent research
that was not specifically intended to solve Seismic problems. Theoretical
analyses were then made Of what the author considers to be logical approaches
in identifying quantitatively the reinforcing-steel parameters pertinent to
seismic performance. These analyses result in a series of propositions that
are intended to be a basis for Workshop discussions. Debatable points in
these propositions and questions not answered by the propositions could form
the basis of suggestions for future research.

RECENT DEVELOPMENTS

Significant Properties of
Reinforcing Bars

Yielding and strain hardening--The mechanical properties of reinforcing
steel most pertinent to seismic performance relate to the yield and post
yield behavior, as described by a tensile engineering stress-strain curve
for the material. For reinforcing bars in nonprestressed flexural members,
Figure 1, a well-defined yield point followed by an extensive level yield
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Figure 1

plateau[lj* has been considered preferable, so that the tensile steel can
be designed to yield at a specific stress and allow considerable inelastic
rotation within a region of plastic hinging without local crushing of the
concrete on the opposite side of the member. (A numerical evaluation of
this phenomenon is given later.) An upper limit on the as-furnished yield
strength is desirable for that reason and also so that an unexpectedly high
tensile-steel stress will not induce an excessive bending moment in the
member. The main undesirable effect of a greater moment is the concommitant
greater shear and, as a result, the possibility of a premature stirrup or
diagonal tension failure. However, it is realized that strain hardening of
the steel is generally necessary for causing some increase in the resisting
moment so that the region of plastic hinging can be spread over a reasonable
increment of the member length, Figure 2. Without some increase in resisting
moment, the moment gradient that almost always occurs within a finite length
of plastic hinging could not be accommodated, and all the inelastic stretching
of the reinforcing steel would occur at one location, very likely resulting
in steel rupture.

Ductility and energy absorption--Ductility has been considered to be a
very important property of reinforcing bars sUbjected to seismic straining.
However, there has not been general agreement on how ductility should be
defined or just how much ductility is required. Ductility can be defined

* See References.
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alternatively (1) as the strain just before unloading, that is, the strain
corresponding to the high point on the engineering stress-strain curve,
(2) as the abscissa of the engineering stress-strain curve at rupture, or
(3) computed in accordance with ASTM from the increase in the distance
between the gage points straddling the rupture as measured when the two
pieces of the broken test specimen are fitted together again. The first
ductility has been termed the "useful ductility" because rupture is then
eminent if the loading is not immediately decreased. This ductility is not
nearly as sensitive to the gage length for measuring the strains as are the
second and third ductilities. It has been frequently noted that ductility
can be critical in the vicinity of a weld, particularly if the steel composi
tion or the welding procedure is not appropriate.

Within the cyclic motion typical of earthquakes, the kinetic energy of
the motion must be converted periodically into strain energy, both stored
elastically and absorbed plastically. Because of its brittleness and low
tensile strength, nonprestressed concrete cracks early in the strain history
and is not very effective in absorbing energy before concrete crushing.
Therefore, the reinforcing steel in nonprestressed concrete receives a major
portion of the energy absorption. It has been notedI2l that optimizing the
steel energy-absorption capacity involves using a low enough reinforcing
index
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(p - p') f
y

f •
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so that the steel will yield considerably before concrete crushing on the
other side of the member, but using a high enough reinforcing index so that
the steel will not rupture before the concrete crushes; p and p' are the
tension and compression steel percentages, respectively, f y is the steel
yield strength, and fe' is the concrete compressive strength. With the
reinforcement index set, steel energy-absorption capacity will be maximum if
the ductility is not exceeded before the concrete crushes.

Concerns regarding bar properties--A6lS reinforcing barsI3] with a
specified yield point not exceeding 40 ksi (276 MPa) have been observed to
have most of the attributes listed above, that is, a well-defined yield point,
a yield plateau, adequate strain-hardening capacity, adequate ductility, and
generally satisfactory reinforcing indices in typical designs. However,
occasional doubts have been expressed regarding whether these characteristics
can be consistently achieved in reinforcing bars with specified yield
strengths exceeding 40 ksi. As discussed below, doubts about the seismic
application of A6lS reinforcing bars[3] with a specified minimum yield
strength of 60 ksi (414 MPa) have mostly stemmed from a lack of knowledge of
the current as-produced mechanical properties of grade 60 rebars and of the
quantitative values of the yield strain, strain hardening, ductility, and
other properties required for reinforcing bars in seismic structures.

For reinforcing bars of all specified strengths, there has been concern
regarding the use of welded connections in structures that could be SUbject
to seismic behavior. Both the strength and ductility of welded connections
have been questioned because of the absence of restrictions in the bar
chemical composition (except for a limitation on phosphorus) in the ASTM
specifications before 1974.

Consideration of Welded Wire Fabric

As discussed herein, "reinforcing bars" refers to bars and rods with
external deformations that are used in non-prestressed applications. The
other reinforcement used extensively in concrete structures is welded wire
fabric, fabricated with either smooth or deformed wires. In above-grade
applications, welded wire fabric is used extensively as slab reinforcement
and sometimes as peripheral cage or stirrup reinforcement in columns or
beams. However, it is not generally used as the main longitudinal reinforce
ment in beams or columns. Therefore, relatively little information is
available about the SUitability of welded wire fabric for seismic applica
tions. Because the ductility of welded wire fabric is generally significantly
less than that of reinforcing bars, no major efforts have been made to
evaluate the suitability of fabric in seismic structures.



Significant Properties
of Prestressing Steel

As used in prestressed concrete, prestressing wires and strand do not
generally exhibit all the mechanical properties considered desirable for
seismic reinforcing bars. However, it has not been considered 'either neces~

sary or desirable for prestressing steel to have the same seismic properties
as rebars. The main reason is that the requirements for satisfactory plastic
hinging are different for prestressed concrete. Because of the longitudinal
prestress, the concrete undergoes considerable rotation with significant
energy stored in the strained concrete before the concrete cracks and before
the minimum specified ductility of the prestressing steel is exceeded. with
the concrete in longitudinal compression, the problem of premature stirrup
or diagonal tension failures resulting from higher shears caused by higher
moments is much less critical than it is in nonprestressed concrete. In
general, the mechanical properties of currently available prestressing steel
have not been considered a problem in seismic applications.

Experimental and Theoretical Investigations and Evaluations

During the past decade, experimental and theoretical investigations
have been made that have answered many of the questions regarding the suit
ability of different reinforcing steels in seismic structures. The major
portion of this activity was concerned with reinforcing bars in nonprestressed
concrete, and a limited portion involved prestressing steel.

PCA--The portland Cement Association (PCA) initiated their seismic
experimental research with reverse-loading tests on full-scale cross-shaped
specimens, which represented the column-girder joints of rigid frames.
During the first test series,[4J the reinforcement was all grade 40 (40-ksi
or 276-MPa specified minimum yield point). During the second test series, IS]
which was jointly sponsored by PCA and the American Iron and Steel Institute
(AISI), the main longitudinal reinforcement was all grade 60 (60-ksi or
414-MPa specified minimum yield strength) and the specimens were designed to
have the same static strength as comparable specimens in the first test
series. A comparison of the load-deflection curves of the two series indi
cated no difference between the performance of grade 40 and grade 60 steels
under seismic loadings. Somewhat greater strain hardening was indicated for
the grade 60 steel (23% average increase and 41% maximum increase in moment
over the yield moment) than for the grade 40 steel (10% average increase and
25% maximum increase). Even with a deflection ductility ratio of 5.0 induced
in each test specimen, the steel strains measured by attached strain gages
did not exceed about 4 percent in any of the tests.

Subsequently, PCA conducted an extensive series of tests on shear
walls. In these tests also, the maximum measured steel strains were low,
generally not exceeding about 3 percent. 16] The only longitUdinal steel
ruptures were secondary failures, indicated by column buckling of the bars.
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~~--During the past decade, the steel industry has expressed concern
that various code-writing bodies may be composing impractical specifications
for reinforcing steel because of a lack of knowledge of the mechanical
properties consistently exhibited by the steel. As a result, the steel
industry sponsored three experimental projects conducted by the firm of
Wiss, Janney, Elstner, and Associates (WJE). These projects are pertinent
to the present discussion, even though they were not initiated as seismic
investigations.

Tension tests by WJE for the American Iron and Steel Institute (AISI)
on an industry-wide sampling of grade 60 reinforcing bars[7] indicated that
grade 60 rebars have a well-defined yield point at a stress generally not
exceeding 78 ksi (538 MPa), Figure 3, followed by a gently sloping yield
"ramp," Figure 4, rather than by a flat yield plateau. Groupings of the
stress-strain data points are given in the Appendix A figures for strains up
to 0.8 percent and in the Appendix B figures for greater strains. Generally,
stresses in excess of about 78 ksi did not occur until a strain of over
0.8 percent had been obtained. The minimum ductility specified by ASTM for
grade 60 steel was generally obtained.

A similar series of tension tests by WJE for the Wire Reinforcement
Institute (WRI) on an industry-wide sampling of smooth wire[8] indicated
that wire for welded wire fabric typically exhibits a round-house stress
strain curve, and that the ductility (which is not specified by ASTM) typi
cally does not exceed about 6 percent, and, occasionally, may be as low as I
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to 2 percent. Thus, there has not been an incentive to evaluate the use of
welded wire fabric as the primary reinforcement of seismic rigid frames.

A recent series of bending tests by WJE for the Associated Reinforcing
Bar Producers (ARBP)--Concrete Reinforcing Steel Institute (CRSI) on an
industry-wide sampling of grade 60 reinforcing bars[9] indicated that cur
rently produced grade 60 rebars have an excellent reserve ductility beyond
the ductility exhausted in bends defined by minimum radii specified by ACI
or ASTM. As expected, the strains exhibited in the bends considerably ex
ceeded the strains exhibited in tension tests of the same bars.

Steel-industry research--In response to questions by code-writing
bodies regarding the suitability of grade 60 steel in seismic structures,
the steel industry has engaged in various specific activities. U. S. Steel
developed a proprietary ductile weldable steel with a controlled composition,
USS BEN-WELD, for use mainly in nuclear and seismic applications. This
particular steel was eventually superseded by the new ASTM A706 specifica
tion[lO] for rebars with a controlled composition, intended to be used where
welding or bending, or both, are important.

Discussions within the technical subcommittee of the AISI Committee of
Concrete Reinforcing Bar Producers led to the concept of specifying a lower
limit on the as-produced ratio of rebar tensile strength to yield strength,
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rather than specifying a m1n~um tensile strength. This would ensure adequate
strain-hardening capacity without letting the production be governed by the
specification for the minimum tensile strength--a consideration that has
frequently resulted in excessively high as-produced yield strengths. A
tensile-yield ratio of only 1.25 was considered to be adequate. (It has
been notedLll] that experimental research on A5l4 steel beams indicated that
a tensile-yield ratio of only about 1.15 ensured enough strain-hardening
capacity in steel wide-flange beams to permit the redistribution of moments
required for plastic design.) As a result of these considerations, the AISI
representative to the International Conference of Building Officials (ICBO)
conservatively recommended* a specified minimum tensile-yield ratio of 1.33
for rebars. Although the 1.25 ratio was considered adequate, the 1. 33 ratio
was suggested because it was believed that currently produced grade 40 and
grade 60 steels should consistently exhibit at least a 1.33 ratio.

In response to some comments that higher strength rebars were not as
satisfactory as lower strength rebars that had a greater ductility, an ACI
committee report[2] was prepared that compared grade 40, 60, and 75 steels.
On the basis of the pertinent design limitations on steel percentages and on
the ASTM requirements for ductility, the report demonstrated that the energy
absorption capacity of flexural members with the same static strength and
geometry is about the same for all three grades of steel.

Related bond testing--There was concern that the bond characteristics
of reinforcing bars could, under seismic loadings, result in slippage of the
main longitudinal steel. Even if the steel itself had all the mechanical
properties desired of a seismic rebar, the slippage could cause the flexural
behavior of the reinforced concrete member to be as if the steel had a low
modulus of elasticity and a "round-house" stress-strain curve. Therefore,
various reversed-bending bond tests were conducted on specimens simulating
beam-column joints in seismic frames. Published papers [12, 13] describing
the tests conducted at the University of Texas did not identify any problem
in seismic behavior that is related to the deformations on reinforcing bars.
Consequently, there is currently no significant activity in the steel industry
related to the deformations of deformed reinforcing bars. However, unpublished
testsl14] conducted at the University of Washington have indicated some dif
ferences between the performance of reinforcing bars with different deforma
tions in reversed-bending flexure tests of concrete beams where the rein
forcing bar is stressed beyond yielding in both tension and compression.

Evaluation of prestressed concrete--There has been considerable discus
sion about the suitability of prestressed concrete members in seismic struc
tures, but no extensive research has been aimed at evaluating the optimum
characteristics of prestressing steel for that application. The 4 percent
minimum elongation specified for prestressing wiresL15] or bars, I16] and the

* At the April 29, 1971, meeting of ICBO at South Laguna, California.



3.5 percent minimum elongation specified by ASTM for seven-wire strand, [17)
have been considered adequate by many experts. I18,19) It has been noted
that the basic reason is that under seismic loadings the concrete will
rotate extensively without cracking or crushing of the concrete and without
a great increase in the steel strain,I20) yet with a significant increase in
moment. This causes the portion of the flexural member that is Subject to
post-yield behavior to be generally greater for prestressed concrete than
for nonprestressed concrete. The transformation from kinetic energy to
potential energy thus involves significant storing of recoverable energy in
the prestressed concrete, in contrast to significant absorption of nonrecover
able energy in the reinforcing steel of nonprestressed concrete.

specifications for Seismic
Reinforcing Steel

The past decade has witnessed some new specifications for the mechanical
properties of reinforcing bars in seismic structures, but no specific seismic
specifications for welded wire fabric or prestressing steel. ASTM A706 is a
rebar specification[lO) directed specifically toward the controls considered
desirable for a nonprestressed seismic reinforcing steel--controlled composi
tion to ensure strong ductile welds, both upper (78 ksi) and lower (60 ksi)
limits on yield strength, and reduced (relative to A615[3) diameters for
bend tests. The minimum tensile strength is 80 ksi (552 MFa), instead of
90 ksi (620 MPa) for A615 Grade 60[3J steel, so that meeting the tensile
strength requirement does not result in a tendency to produce steel with a
yield strength significantly above 60 ksi. For steel with this composition,
the as-produced tensile-yield ratio can be expected to be satisfactory, in
accordance with the previous discussion.

A706 steel is highly suitable for special structures where extreme
safety precautions are demanded, such as nuclear 'containment structures.
Therefore, there is currently (March 1977) an ASME code case (No. 1784) in
which the reply to the official inquiry is that it is the opinion of the
ASME Boiler and Pressure Vessel Committee that reinforcing material conforming
to ASTM A706-75 [10) may be used in the construction of concrete reactor
vessels and containments. However, A706 steel is currently not a significant
item in general construction because of its limited availability. Usually,
it is produced only to special order, and must be purchased in heat quantities.
The premium (typically at least $50 to $75 per ton or more over the cost of
A615 Grade 60 steel) that must be paid for A706 steel discourages the speci
fication of the steel by architects and engineers.. and provides no incentive
for stocking the steel. Consequently, the steel industry has emphasized that
currently produced A615 grade 60 steelI3J generally has all the qualities
desired for seismic bars, except that welding may not be practical for the
end connection of large bars. That problem has been solved by the development
of reliable mechanical splices. The steel industry points out that the two
series of tests by WJE on industry-wide samplings of A615 grade 60 reinforcing
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bars[7,91 have shown these rebars to consistently exhibit a well-defined
yield point, a yield point generally below 78 ksi, and excellent ductility.

The primary organization for originating seismic specifications has
been the Structural Engineers Association of California (SEAOC). As a
result of the steel-industry activity, the SEAOC Recommended Lateral Force
Requirements and CommentaryI211 specifies that the as-furnished yield strength
of grade 60 rebar may not exceed 78 ksi, and that the tensile-yield ratio
may not be less than 1.33. The SEAOC requirements for seismic rebars are
generally adopted by ICBO for the Uniform Building Code. [221

Practical Production Limitations

Questions are frequently asked regarding the reluctance of the steel
industry to readily agree with the restrictive mechanical-property limitations
that are considered desirable for seismic reinforcing steels. The problem
has been that the engineers who have been formUlating codes have not been
fully aware of the problems of producing steels to narrow specification
limits. One example was mentioned above; meeting the tensile-strength
requirement has had a tendency to raise the yield strength significantly
above the specified minimum value. It would thus be logical to relax the
tensile-strength requirement somewhat to obtain a more consistent yield
strength. However, there still is the problem of producing different size
bars from the same heat of steel. Larger diameter bars cool slower and
therefore have lower strengths when produced from steel with the same composi
tion. Also, there is invariably some difference in composition throughout
the heat, that is, a difference between the top-cast, middle, and bottom
cast portions.

consequently, in arr~v~ng at seismic specifications and special require
ments for seismic structures, both the code writers and the steel industry
have compromised. Seismic codes permit as much as 18-ksi (124 MPa) variation
in yield strength. [21,221 However, currently produced reinforcing bars have
been improved to the extent that as mentioned above, a well-defined yielding
is generally obtained with grade 60 reinforcing bars, and the bendability of
these steels is superior to the ASTM and ACI bend-test requirements. The
individual steel companies have expended large sums of money on research and
production control to achieve these goals, which should help to provide an
adequate safety margin for structures reinforced with currently available
steels. consequently, the steel industry has become disillusioned with
comments from members of code-writing bodies which indicate that specifica
tions should be made more restrictive as a result of these improvements in
the mechanical properties of the reinforcing steels. This applies to the
attempt by members of code-writing bodies to promote a grade 80 (80-ksi or
552 MFa specified minimum yield strength) reinforcing bar, which would be
expected to have. a well defined yield point, even though that is practically
impossible with the alloy grade of steel that would be necessary to consis
tently meet an 80-ksi yield strength. It also applies to recent suggestions



that because of the favorable WJE tests,r9] the minimum permissible bend
radii be decreased to facilitate detailing of complex structures. It thus
appears that code writers want increased ductility along with increased
strength. They appear to forget that increased strength is generally obtained
at the expense of decreased ductility.

PROPOSITIONS RESULTING FROM A REEVALUATION OF THE
REQUIRED SEISMIC PROPERTIES OF REINFORCING STEELS

What direction should future activities take relative to specifying or
obtaining reinforcing bars with specific mechanical characteristics aimed at
optimizing the structural response to an earthquake? Before answering that
question, it is necessary to reevaluate what is really desirable for the
shape of the tensile engineering stress-strain curve of the steels. Most
critical is the main longitudinal steel of flexural members, because that is
the steel which must absorb energy inelastically in seismic design or, in
the case of prestressing steel, must maintain compression in the concrete as
it rotates extensively and stores energy. Therefore, the following remarks
apply to the regions of plastic hinging in flexural members. A series of
propositions is derived, which are subject to the critical scrutiny of the
Workshop participants. Reinforcing bars and prestressing steel are treated
separately because their function is generally different during the plastic
hinging.

Reinforcing Bars

Required ductility and definition of yielding--In nonprestressed concrete,
the required ductility is that which is necessary and sufficient to ensure
ductile failure of the structure; that is, a structure in which at least the
main longitudinal tensile steel extends inelastically a significant amount,
without rupturing, before the concrete crushes. This leads to

Proposition No. I - the useful ductility of the main longitudinal
reinforcing bars in a flexural member need not exceed the tensile
strain at which the concrete on the other side of the member begins
to crush.

By using the principles of statics and strain compatibility, Equation C-4
is developed in Appendix C for relating the condition of concrete crushing
to corresponding tensile-steel stresses and strains. The derivation does
not require any assumption for the shape of the stress-strain curve. There
fore, tensile-steel stress-strain sets apply equally well to stress-strain
points on a yield plateau, in the strain-hardening range, or on a round
house stress-strain curve.

It is instructive to determine what the general magnitude of steel
strains (that is, useful ductility) should be at different steel stresses if
there is not to be premature concrete crushing. For the numerical evalua-
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tions, consider (1) concrete with fe' = 4000 psi (276 MPa) and the usually
assumed crushing strain of 0.3 percent, (2) designs having different ratios
of (p - p') to Pb where the balanced-design steel percentage, Pbis campu
ted[201 for a specified yield strength of 60 ksi, and (3) steels meeting this
specified yield strength but having different stress-strain curves and thus
different stresses corresponding to a given post-yield strain. The result of
using Equation C-4 is shown in Table I, which gives, for various values of
the parameters, the theoretical steel tensile strain at which the concrete on
the other side of the member begins to crush.

Table I demonstrates the well-known fact that for a given percentage of
reinforcing steel, greater steel strains are obtainable without concrete
crushing when the tensile stress is less. With relation to Table I, the
plots in the Appendix B figures, which typically exhibit stresses between
about 70 ksi (483 MPa) and 100 ksi (689 MPa) at a 2.5 percent strain, indi
cate that generally less than 4 percent tensile-steel strain can be experi
enced before concrete crushing when A615 grade 60 steelI31 is used. This

Table I

Tensile-Steel Stress-Strain Condition Corresponding
to Concrete Crushing on Other Side of Flexural Member

f' = 4000 psi
c

Specified F
y

= 60 ksi

Balanced-design percentage, Pb' computed for
Fy = 60 ksi; P and p' are the tension and
compression steel percentages, respectively.

~ Value of c, in.jin.
Ph f s = 60 ksi f s = 78 ksi f s = 90 ksi

0.75 0.00376 0.00220 0.00151

0.50 0.00714 0.00480 0.00376

0.25 0.01728 0.01260 0.01052

0.117* 0.04032 0.03033 0.02588

* Based on Pb = 0.0285, P = 2p' to reflect the requirement that-the
positive moment capacity of flexural members at column Connec
tions shall not be less than 50 percent of the negative capacity,
and p' = 200/Fy ' which is the lower limit, ACI 318-71.

Conversion Factors

1 psi
1 ksi

6.895 kPa
6.894 MPa



demonstrates the reason for imposing an upper limit on the yield strength of
A706 steel and the reason that it is desirable to have some significant
yielding before appreciable strain hardening. However, these calculations
reveal no reason for requiring a well-defined yield point other than to
control the ascent of the stress-strain curve beyond yielding. This leads
to

proposition No. 2 - for the tensile reinforcing steel to provide an
optimum seismic response, the yield strength need not be well defined
at or before any specific strain, but a round-house stress-strain
curve is not preferred, and there should be some significant inelastic
straining before the onset of appreciable strain hardening.

Bauschinger effect--Anearthquake involves repeated reversed movements
of the structure. During the cycles of inelastic straining following initial
inelastic straining, the main longitUdinal tensile steel will haVe a round
house stress-strain curve generally below the virgin curve in the early
portion of the yield region but slightly above the virgin curve in the later
portion of the yield region. This is the Bauschinger effect, Figure 5.124J
Because the Bauschinger effect results in some increase in stress (over that
in the virgin material) for larger strains, proposition No. 2 leads to
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Proposition No. 3 - the Bauschinger effect should be considered in
determining the conditions required to ensure steel yielding without
concrete crushing in seismic structures.

Strain-hardening requirements--To evaluate the strain-hardening require
ments of seismic reinforcing bars, it is necessary to consider the changing
moment gradient within the portion of the flexural member where the tensile
steel extends inelastically, Figures 2 and 6. The steel yielding starts at
one spot and then extends over a finite length as the moment gradient increases.
The bending moment will vary from the moment at first yielding of the tensile
steel, My = Cfy ' to Mm, which is the maximum moment considered in the present
discussion. (C is a constant and f y is the steel yield strength.) The
corresponding steel strain, at any distance along the member, can be obtained
if the plot of resisting moment vs steel strain is known, Figure 6. Beyond
yielding of the tensile steel, the increase of the moment above My results
from two effects: (1) strain hardening, which is the increase of steel
stress, f s ' with increase of strain, reflected in the slope of the dashed
curve in Figure 6, and (2) the shape factor, S, which is reflected by the

BENDING
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m
M OR CI, ~~---------------~

VARIATION OF
M WITH e

VARIATION OF CI,
WITH e

TENSILE STEEL STRAIN, e

My " MOMENT AT FIRST YIELDING OF TENSILE STEEL
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e,h " STRAIN AT ONSET OF STRAIN HARDENING OF
TENSILE STEEL

C" My/ly
ty " STEEL YIELD STRENGTH

I, " STEEL STRESS

VARIATION OF MOMENT WITH STRAIN

Figure 6



vertical distance between the dashed and solid curves. The shape factor is
the ratio of the moment arm of the resisting moment divided by the moment
arm of the moment at first yielding, and reflects the changing shape of the
concrete compression stress block and the changing stress in the compression
steel. The shape factor can be determined approximately as the ratio of the
ultimate-stress-design (USD) momentI23J (which in accordance with the ACI
Building Code is based on the steel yield strength) to the moment at first
yielding.

Table II

Shape Factors Computed as USD
Moment Divided by Moment at First Yielding

f' = 4000 psi Specified F = 60 ksi d'/d = 0.1
c y

Balanced-design percentage, Pb' computed for Fy = 60 ksi; P and p' are the
tension and compression steel percentages, respectively.
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p -P_'-

0.75 Pb 0.0214 0.5p

0.50 Pb 0.0143 0.5p

0.0214 zero

0.0143 zero

Conversion Factors
1 psi 6.894 kPa
1 ksi = 6.894 MPa

Shape Factor
Actual f y = 60 ksi Actual f y = 78 ksi

1.046 1.049

1.038 1.044

1.007 1.003

1.015 1.006

To allow the desirable extension of the region of plastic hinging (the
distance between Xl and X3 in Figure 2) the moment gradient must be accom
modated within that region. This can be accomplished by having either
adequate strain hardening, an adequate shape factor, or a combination of
both. Appendix D presents the procedure for determining the shape factor as
the ratio of the USD moment to My. This was applied to evaluations with
f c ' = 4000 psi and with either no compression reinforcement or with reinforce
ment near the compression surface having half of the tensile-steel area.
The results, Table II, indicate that the shape factor can be as high as
about 1.05 if longitudinal compression steel is present and highly stressed,
or only about 1.0 if only the tensile steel is present or if the compression
steel is not highly stressed. The compression steel will be more highly
stressed for smaller ratios of d'/d, where d' and d are the distance from
the compression face of the concrete to the compression and tension steels,
respectively. Because it is not practical to set limits on d'/d, it must be
assumed that in some designs the shape factor may be only about 1.0. There
fore, Proposition No. 4 follows:
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Proposition No. 4 - to ensure accommodation of the moment gradient
within the plastic hinge, specifications for 60-ksi-yield reinforcing
bars should require the minimum tensile strength to be at least
80 ksi or the tensile-yield ratio to be at least 1.25.

Ramp vs yield plateau--To provide maximum inelastic straining of the
tensile reinforcing steel within the region of plastic hinging, there will
be some optimum shape of the stress-strain curve. Referring to Figure 6,
the total elongation of the tensile steel within the region between Xl and
X3 is

(1)

The straining is maximized by maximizing 8 sh' 8 m, and (X2 - Xl)' because the
average strain over (X2 - Xl) is greater than the average strain over (X3 - X2).
For a given range of (~- Msh) and hence of (X3 - Xl)' it is seen in Figure
2 that maximizing (X2 - Xl) implies minimizing Msho This implies that be
tween yielding and strain hardening a plateau or ramp-shape stress-strain
curve, Figure 1 or 4, would be preferable to a round-house stress-strain
curve for maximizing the plastic-hinge capacity. Thus, there follows

Proposition No. 5 - after yielding, inelastic straining of the tensile
steel will be maximized by a plateau or ramp-shape stress-strain curve
rather than by a round-house stress-strain curve.

prestressing Steel

The ACI code provisions for prestressed concrete ensure that the pre
stressing steel will undergo some inelastic action before the concrete
crushes. This is accomplished by specifying that the appropriate sum of the
reinforcing indices (that is, the prestress-steel reinforcing index plus the
tension, nonprestress steel index minus the compression nonprestress steel
index) does not exceed 0.3.[23] Each reinforcing index is the steel percentage
times a steel stress divided by f c '. The steel stress is f y for the nonpre
stress steel or fps for prestressing steel; f ps is the calculated stress at
the design load, and is permitted to be as great as 0.7 f pu , Where f pu is
the Ultimate strength of the prestressing steel.

The effectiveness of this restriction in ensuring some significant
inelastic action can be gained from a consideration of the usual equation
for balanced designI23J (simultaneous steel yielding and concrete failure).
with the equation generalized to apply to any set of values of steel per
centage, p, and concrete stress, f s ' concomitant with concrete crushing, it
may be written as

pf
_s_
f •

c

f. 0.003 )
\0.003 + ES

(2)



where ~l = 0.85 for f c ' ~ 4000 psi and gs is the steel strain corresponding
to f s ' Assume, as a critical condition for the prestress steel, that f s =

f pll = f ps/0.7 and gs = 0.002. Equation 2 then becomes

pf
~ = a 3 (3)f • .

c
which corresponds to the ACI restriction. Thus, with designs limited by
this restriction, the prestressing steel should strain at least 2 percent
before the concrete begins to crush.

For earthquake-resistant structures, it could also be desirable to
specify a lower limit on the prestress reinforcing index so that the steel
would not rupture before the concrete crushes. Prestressing steel generally
exhibits a ductility of at least 4 percent elongationI181, which is required
by ASTM for wires 115] and barsI16] and which is generally met by the seven
wire strand, even though ASTM requiresC171 only 3.5 percent for the strand.
Substituting 4 percent for gs in Equation 2 and using f s = fpll = f ps/O.7
would then give

645

pf
psfl = 0.22
c

It is obviously not practical to restrict designs so that

pf
0.22 ~ /~ ~ 0.30

c

(4)

Such a lower limit is not given in the ACI Code. Instead, the Code gives a
lower limit based on crack controlC25]. Nevertheless, there follows

Proposition No.6 - in the seismic response of a prestressed flexural
member, a 4 percent ductility is adquate for maximum utilization of
the prestressing steel where it provides a reinforcing index between
about 75 percent and 100 percent of the maximum index permitted by
the ACI Code; for a lesser index, a greater steel ductility could be
utilized.

FUTURE WORK

The six propositions stated above are subject to critical examination.
Suggestions for future research should be made where disagreements regarding
the propositions cannot be resolved or where future questions arise from
discussions of the propositions.

Ductility is considered to be the most important attribute for seismic
reinforcing steel, and strain-hardening capacity is considered to be important
for reinforcing bars. However, the needs to develop steels with greater
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ductility and/or strain-hardening capacity than those currently available,
or the needs to make comparative tests of concrete members reinforced with
steels having different ductilities and/or strain-hardening capacities are
doubtful. Currently available A615 or A706 reinforcing bars appear to have
sufficient ductility for flexural members, that is, over 4 percent measured
at the high point on the engineering stress-strain curve. For a greater
reinforcing steel ductility to be utilized in nonprestressed flexural members,
the concrete crushing strain must be increased considerably above 0.3 percent.
Research aimed toward the goal would involve determining practical levels of
concrete confinement.

There are some structures in which improved reinforcing-steel ductility
would be beneficial. A seventh proposition could state the obvious fact
that the response of a structure stressed entirely in tension would be

optimized by any increase in the steel ductility. However, such a structure
would be unusual, and the development of special steels for membrane-tension
or axial-tension structures would not appear warranted. Prestressed concrete
structures could possibly be optimized to a somewhat greater extent if pre
stressing strand with a greater ductility could be obtained. However, re
search has indicated that increased ductility of prestressing wire or strand
can only be obtained by stress relieving at a higher temperature, which
lowers the steel tensile strength, as indicated in Figure 7.
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Instead of developing and then testing some new steel with greater
ductility or greater strain-hardening capacity, it would be more appropriate
to make more refined experimental evaluations of what actually occurs within
the plastic-hinging regions of both nonprestressed and prestressed flexural
members subjected to the distortions anticipated during an earthquake.
Specifically, strain-gage measurements could determine the strains that
actually occur in the steel, thus leading to an evaluation of the extent to
which ductility of the steel is really utilized. Also, strain-gage and/or
extensometer measurements could provide information for evaluating the
length of the plastic hinging. with that information and a knowledge of the
loading and hence the moment gradients, the increase in moment occurring
over the plastic hinge can be determined. From this increase, the require
ments for strain-hardening capacity of the steel can be evaluated.

CONCLUSIONS

As a result of previous work and the analyses in the present paper, six
propositions have been stated relative to defining specific mechanical
properties of reinforcing steels so that, with. reinforcing bars and pre
stressing steel having such properties, the response of concrete flexural
members to an earthquake will be optimized. Generally, the ductility and
strain-hardening capacity of currently available reinforcing bars and pre
stressing steels appear sufficient for most applications. However, this is
subject to question for specific applications as are all of the six listed
propositions. A greater steel ductility could be justified only if improved
concrete confinement could result in significantly greater concrete crushing
strain. Fundamental unanswered questions include quantitative determinations
of what inelastic steel strains and moment variations can be expected to
occur within the plastic~hinge regions of rigid-frame girders and shear
walls that are subjected to severe earthquakes.
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Appendix C

Calculation of Tensile-Steel Stress-Strain Condition
Corresponding to Concrete Crushing on Other Side of

the Flexural Member

Cross Sect10n
of Member

o.oo!y;~ o~:: i~7~::_'..."'-. "bdf,'

-- p' = A '/bd-- --concrete.
s Compress10n
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Variation of Stra1n Forces Normal to
On Cross Section cross Section
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and f
s

' are the tensile and compression steel stresses; f
c

' is

the concrete compression strength. Equilibrium of the forces On

the cross section gives

pbdf
s [ (

0.003 ) lb Sld 0.003 + E
S

(0.85 (C-l)

Assume f < f and d'/d is small so that it can be considered thats ~ y

f s ' fs' Then, Equation C-l becomes,

fO.85
0.003[(p _

S f I
1 c

p') f
s

(C-2)

fS/Fy where the balanced design

reinforcing percentage is

(C-3)

0.0285 for f '
c 4 ksi and F

y 60 ksi.

Fy is the specified yield strength and E
s

is the modulus of elasticity,

29,000 ksi. Then,

E
S (C-4 )
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Calculation of Shape Factor as Ratio of Ultimate-Strength
Design Moment to Moment at First Yielding
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Cross Section
of Member

At first yielding,

Normal Forces at
First Yielding

M
Y

(C') (0.9 d) + (C n
) (x + 2~) + C n,

(d + h + x)
2 (0-1)

where
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(0-2)
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C' + ell + C III T pbdf
Y

(0-5)

with x defined in terms of hand p', p, and f determined, substituting
y

Equations D-2, D-3, and 0-4 into Equation D-5 results in the solution

of hid and hence x/d, which leads to evaluating Equation 1 as My

a constant times bd 2
•
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(pfy - p'fs')d
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M
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INTRODUCTION

For decades the design of reinforced concrete structures has been based
on the ,assumption of linearly elastic behavior, and this approach at the frame
analysis level continues until today. Very gradually, the era for determining
the deimensions of cross-sections and their reinforcement on the basis of
ultimate strength design has arrived [1]. The latter approach clearly recog
nizes the ductile properties of steel beyond yield and correctly exploits the
useful inelastic range of concrete behavior. This procedure assumes monotonic
or unidirectional application of loads which causes progressive yielding of
steel with the associated formation of cracks in the tension zones. As the
intensity of load increases, the steel continues to yield and the number and
width of cracks increases until the concrete which was in compression from the
outset finally crushes.

Critical reinforced concrete members employed in resisting seismic load
ing behave entirely differently. The essential difference is due to the fact
that intense loadings reverse in direction and usually are cyclic in their
character. This dramatically changes the behavior of a reinforced concrete
member. For severe loadings, such as occur in a major shake, cracks first
form on one side of a member and then on the other, i.e., the order of tension
and compression zones changes. Moreover, if the intensity of load application
is sufficiently great, the strained steel prevents the cracks from ever clos
ing. In this manner, cracks penetrate through the whole depth of a member and
forces are carried entirely by steel. This being the case, it is very impor
tant to have good knowledge of the behavior of steel alone under repeated and
reversed loading conditions. Since in cases where the cracks do close the
concrete picks up the compressive forces, in the study of cyclic behavior of
steel a rather limited range of strain into the compressive zone need be ex
plored. This differs from the problem encountered in structural steel frames.
Further, although at an open crack itself, it is clear that reinforcing steel
carries the force, beyond the crack this force must be transferred to concrete.
This gives rise to the bond problem which becomes particularly complex under
cyclic loading. Deterioration in bond due to cYclic loading requires especial
attention.

This paper addresses itself to two of the above problems. First, the
available mathematical models for inelastic cyclic behavior of reinforcing
steel are discussed. This includes some comments on the behavior of prestress
ing steel in aseismic design. Second, the bond behavior of reinforcing steel
under load reversals is considered. The substantial gap in knowledge in this
area is indicated, and a need for bond-slippage law is emphasized. This kind
of information on steel reinforcement together with mathematical formulation



of the constitutive relation for concrete under multiaxial state of stress is
essential for further developments in rational analysis of reinforced concrete
members and structures.

A sharp distinction in the needs for mathematically describing the above
phenomenae for research and design must be always kept in mind. In research,
detailed comparisons of experimental results with predictions of the behavior
of test specimens for which the properties of materials are accurately known
must be made for the purposes of clearly understanding the physical mechanisms
involved. In design, with considerable variations likely in the actual
strengths of both concrete and steel, a solution must provide only basic insight
into the overall behavior of a structure. Moreover, only direct short-cut
methods are practical.

CONSTITUTIVE RELATIONS FOR STEEL

Constitutive relations for metals and for steel in particular have re
ceived a good deal of attention in recent years. In many current engineering
applications such relations are needed for multi-axial state of stress and a
substantial amount of literature on the subject sprung up [2,3,4,5 and 6]. In
reinforced and prestressed concrete interest is confined to an uniaxial condi
tion. Nevertheless, since the approaches developed for the more general cases
of stress readily reduce to that of the uniaxial case, such broader formula
tions must be examined for possible use for reinforcing steel.

The relatively simple monotonic uniaxial stress-strain behavior of steel
is well understood. It is recognized that 40 grade steel has a long plastic
plateau; whereas, the plateau for 60 grade steel is very short, and for pre
stressing steel, it is non-existent. Any number of schemes are available to
represent the continuous curves and the strain-hardening range for ordinary
steel (inclined straight lines, parabolas, Hermitian functions, etc.). For
ultimate strength design the writers of the ACI Code [1] chose the simplest
alternative of an elastic-perfectly plastic relationship, which ignores the
strength increase due to strain_hardening. For monotonic loading this is a
good conservative choice. In seismic design, which deals with a highly non
deterministic problem and repeated and reversed loading conditions of great
severity, so simple an approach cannot be adopted. In order to achieve a
balanced design, the ultimate strengths of members and joints must be deter
mined more accuratelY. A weak link in the structural chain may have dire
consequences. Hence, a simple bi-linear stress-strain relation for repeated
and reversed loadings will not do, and more accurate formulations must be used.

The available formulations for stress-strain relations for cyclic behav
ior can be conveniently classified into two groups. One of these groups is
based on generalizations of the Ramberg-Osgood equations. The other approaches
display considerable differences in their formulation, but all consider history
dependence in the material behavior. These will be referred to as history
dependent formulations. Details of these approaches follow.

Generalized Ramberg-Osgood Formulations

Among researchers in reinforced concrete, by far the most widely used
procedure of formulating the random cyclic behavior of steel is based on
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Ramberg-Osgood (R-O) equations. No applications to cyclic behavior was envi
soned in the original paper. What actually happened was that the R-O equation
was used together with the Masing hypothesis [7] published earlier. The 'orig
inal Masing hypothesis asserts that an initial monotonic curve, such as given
by the R-O equation, when magnified by a factor of two, will define the hyster
etic loop shape of any branch when the origin of this new curve is placed at
the' point of stress reversal. This approach was successfully applied by a
number of investigators in studying high-cycle behavior of metals [8]. How
ever, for low cycle representations with very large inelastic strain reversals
a number of modifications are necessary, and it is this kind of formulation
that is essential in seismic analyses.

First of all, a curve for the monotonic loading the material well into
the strain-hardening range must be available. Then the reversals are made
using the R-O equation. Among the papers using this approach, the following
may be mentioned: Aktan, Karlsson, and Bozen [9], Kent and l"ark [10], and
Ma, Bertero, and Popov [11 and 12]. All of these investigators show excellent
agreement of the predicted hysteretic loops with the experimental ones. 'An
example of the type of agreement found by Aktan, et. al., is shown in Fig. 1;
by Kent and Park in Fig. 2. In this paper, the procedure developed by Ma et. al

78

-- AambMg·Osgood equatiom
······e~pefjme"!

Tension

Fig. 1. Comparison of R-O Model
with Experimental Results [9)

Fig. 2. Stress-Strain Curve for Steel
with Cyclic Loading [10]

(1)

will be discussed in detail. This procedure described in References 11 and 12
employs the Ramberg-Osgood function to describe the Bauschinger effect of strain
softening under reversed loadings; a separate set of rules is used to define
the cyclic strain-hardening behavior. In this procedure an ordinary cr-£ curve
under monotonic loading is sufficient to define cYclic material properties.
The seven basic points required to define such a curve are shown in Fig. 3(a).

Two possible cases of first stress reversals are shown in Fig. 3(b); one
of them occurs in the plastic plateau Range (Point A), the other in the strain
hardening range (Point A'). For the latter case, upon unloading, the stress
is first reduced elastically from A' to An. The cr-£ relationship between A
and B or An and B' is given by a Ramberg-Osgood equation:

a
S -!- ( lasl + (J. lasln )

10sl



661

where

in which E:S and (JS define a point on AB (or A"B'), and E:SA and (JSA define

point A (or A").

For an accurate representation of the reversal curves, the parameters a,
S, and n must be varied depending on the magnitude of the residual plastic
strain, E:Pmax ' which would develop upon release of the previous loading. In

Fig. 3(b) this strain corresponds to the distance SO for Point A, and SO' for
A'. For the materials used in this investigation, a and S can be determined
empirically by

a 2.3 E:Pmax/E:sh < 2.3

S [1 + 0.7 E:p 0.3 £7/3] < 1.4

where

For the two possible cases described above, n is 6 and 7, respectively.

Beyond points such as B or B', the
cr-E: relationship is assumed to be given by
the rotated and translated monotonic strain
hardening curve, such as CY in Fig. 3(a). (a)

crs j
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If loading reverses a second time,
3imilar to that shown at Point E in Fig. 3
(c), the (J-E: relationship of the ascending
~urve EF is determined from the shape of
Ghe previous descending curve AE. For ex
lJIlple, the curve EF is established by ro
~ating the curve AE through 180

0
and

~ranslating it so that Point A coincides
,ith E. This procedure is applicable pro
Tided E:

Pm
for Point F is e~ual to or less

~han the ~~rresponding ~uantity for Point A.
~or loading beyond Point F, the (J-E: rela
~ionship is assumed to follow the original
rronotonic (J-E: curve. The reversal at G is
)aSed. on t~e parameter E:Pmax corresponding
;0 thlS pOlnt.

Fig. 3. Construction of Analytical
Hysteretic (J-E: Relationship
of Reinforcing Steel [llJ.
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For an accurate modeling of the initiation of cyclic strain-hardening in
the plastic plateau range, two cases must be differentiated. The Quantity 0.5
1£ h-£ I is used to separate the problem into the two cases, Fig. 4. If the
lo3p width, b£', is smaller than this Quantity, strain-hardening will be
initiated at t~e same strain value as that under monotonic loading, Fig. 4(b);
if the loop is wider, the curve CY will be translated into the appropriate
position, Fig. 4(a).

For this hysteretic model, a computer program, BAUSCH, incorporating the
above rules, has been written and the results compared with experiments. An
example is shown in Fig. 5. Note that all of the hysteretic loops lie to the
right of origin. This is characteristic of the time-history for longitudinal
bars of a beam subjected to severe cycling moments. During a load reversal,
concrete in the compression zone prevents development of high compressive
strain in the compressive steel. Therefore, unless concrete crushes and/or
spalls off, the development of high compressive strain in reinforcing steel is
unlikely. As can be seen from Fig. 5, excellent agreement is found between
the experimental and predicted hysteretic loops. Comparisons with other ex
periments show similar encouraging results.
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Fig. 4. Strain Hardening for Reversals
in Plastic Plateau Range [llJ.

History Dependent Formulations

0;

-8" '_~ _ 0 ".0 f.$

Fig. 5. Comparison of Predicted
and Experimental Loops [11].

Inelastic behavior of steel in cyclic loading is a strongly history de
pendent or hereditary process. In applying the generalized R-O formulations
discussed above, this aspect of the problem is inclUded, but not in a direct
manner. In this section two procedures for obtaining cyclic stress-strain
relations based on a clearly recognized dependence on the past history of



loadings are discussed. One of these has been developed by Kato, Aoki, and
Yamanouchi [13,14,15], and the other by Dafalias, Petersson and Popov [16,17].

Kato and his associates demonstrated that if a series of progressively
larger hysteretic loops are known for a given material, then, with such data,
a monotonic stress-strain curve can be constructed with a reasonable degree of
accuracy. In applications the process can be reversed, and cyclic curves can
be generated from a conventional stress-strain diagram. In going from a cluster
of cyclic hysteretic loops such as shown in Fig. 6 to a monotonic stress-strain
curve, only the portions of the curves at stresses of the same sense larger

than the ones during the previous cycle are
retained. However, to retain the history depend
ence, the entire curves either above or below
the horizontal axis are placed end to end as
shown in Fig. 7. For this series of curves the
total plastic strain, regardless of its sense,

_H:4_~_-+-+_f----:=-__E" is continuously accumulated along the abscissa.
(J Tj

en oyz
~ E"
ll: 0

Fig. 6. ::;:A Cluster of 0
Hysteretic Loops [13]. u

-oy

Fig. 7. Arrangement of Hysteretic Loops for
Generating a Monotonic Stress-Strain Curve [13].

Inter-connecting the solid lines found in this manner gives an approximate
stress-strain curve for monotonic loading. These curves compare verY favorably
with the ones found from monotonic experiments shown by solid lines in Fig. 8.
In generating hysteretic cyclic loops from a conventional stress-strain curve,
a suitable function is employed to approximate the downsweep due to the
Bauschinger effect. The above history dependent approach of constructing
hysteretic loops correctly includes both the effects of isotropic as well as
kinematic strain hardening.

Another totally computer oriented approach was developed by Petersson and
Popov [17] for determining the plastic behavior for a multi-axial state of
stress under generalized loading. However, since this approach reduces to an
uniaxial case on Which, in fact, it is largely based, it is of direct interest
here. To begin with, one can make a general observation that cyclic stress
strain curves tend to approach asymptotically a pair of limiting or bounding
lines as shown in Fig. 9 [16]. In dealing with the inelastic or plastic
strains it is convenient to remove the elastic part of the strain, resulting
in a plot illustrated in Fig. 10. The skewing of the diagram due to the
elastic strain component is now removed; but the characteristic bounding lines
at a slightly different slope remain intact. This representation is convenient
in the discussion which follows.
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Fig. 9. Schematic Illustration of
Line Bounds [16].

Fig. 10.

Conventional experiments with mono
tonically applied loading can be used to
obtain a stress-plastic strain curve as
shown in Fig. 11. The shape of such a
curve may be defined with the aid of pro
jections onto the stress axis using
sloped bounding lines. The segment AA'
on the stress-axis defines the elastic
range. Points 1,2,3,1',2' and 3' for
the purposes of illustration only are so
chosen as to result in equal stress in
crements for ~he different strain incre
ments ~ l' ~ ?' ~ " The yield and
boundin~ cirllIes Pllhown in the figure on
the left have no bearing on the uniaxial
stress problem being discussed here.
Note, however, that the projected dis
tances on the a-axis between points

BOUNDING SURFACE

x'

y'

x

y

BOUND

Line Bounds in Stress-Plastic
Strain Space [16].

_~=-=~ =*--~--=?----13

BOUNDING LINES

STRESS SPACE STRESS-STRAIN SPACE

Fig. 11. Typical Stress-Plastic Strain Curves
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11', 22', 33', once chosen, remain the same in subsequent work.

Suppose now that at some point B, such as shown in Fig. 12, the stress
is reversed and continues to decrease. Then here the segment BC, whose length
is equal to the initial segment AA' of Fig. II, represents the elastic range.
If loading were to continue beyond point C, one can make the assumption that
for the various plastic strain increments such as £ I' the vertical segment 11'
remains the same as in the virgin curve. Then reco~izing that on a load re
versal the plastic strain decreases, the correct location of point I' on the
path of deformation is taken at 1". Points 2" and 3" are established similarly.
Since this construction makes use of the points B, I, 2, 3, etc on the previous
path of deformation, this becomes a history dependent description of the mat
erial behavior. If now the load were again reversed at some point D such as
shown in Fig. 13, the curve C3' determines the new locations of points E, 1
(not identified), 2, and 3. In this manner the history dependence of the
cyclic process is brought in at each load reversal.

0-
r+------- Ep3~

:.-----. I-Ep2
Ep,~ I+-

3, 2

2
t 7 B

r A
C

0 _II!.., ,.
Ep

2"/ "2" " 2'......

/ .......- 3'"'-3"- -
--.. _Epi

r-----Ep2

~Ep3---"

3

Fig. 12. Definition of Unloading
Process

Fig. 13. Definition of a Cyclic
Process

INTERVAL 3INTERVAL 2 I

I

t ,.-,.... ...... --- STRAIGHT LINE/

\3.d DEGREE POLYNOMIAL

Finite Element Approximation
[17]

-FUNCTIONK:K(Epjl

--- FINITE ELEMENT APPROXIMATION

Fig. 14.

Using the above concepts a com
puter program was developed which re
quires two further comments. First,
the actual representation of the experi
mental curves is done in a finite elem
ent sense using Hermitian polinomials.
This scheme is shown in Fig. 14 [17].
Further, there is a good deal of dif
ference in shapes between the initial
monotonic stress-strain diagram, and the curve generated during advanced stages
of cycling. The proper balance between the two is achieved by means of a
weighting function W, Fig. 15. This function depends on the total amount of
the accumulated plastic strain up to the time of a load reversal. In the early
stages of cycling the initial monotonic stress-strain diagram plays a domin
ant role. Progressively its influence decreases. Note, however, that the
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abscissae for the lower two diagrams are a function of the plastic strain in
crements Epi which correspon~ to Epl' Ep2' E , of Figs. 11, 12 and 13.
These begin anew at each load reversal. ExamBies of computer outputs simulat
ing some experimentally determined cyclic curves are shown in Figs. 16 and 17.
The agreement between the two sets of curves appears to be rather good.

1 KSI=6.86MPa

(0)

€p;(b) virgin hardening

(a) weighting function

'1=--=-----~

STR ....IN

Comparison of Experimental (a)
and Calculated (b) Results [17J.

~
j.------- /'r-- C----

I / /
II 1/ I

/
1/

I /
/ ./

/
i-"~

(bl

Fig. 16.

(el multieyeled hardening

Fig. 15. Weighting Function and
Effective Stress-Plastic
Strain Curves [17J.

Behavior of Prestressing Steel

Ordinarily prestressed concrete is
not used for energy dissipation in aseis
mic design. Therefore very little re
search was conducted in this area and
there is only very limited information
available on cyclic behavior of pre
stressing steel. The likelihood of pre
stressing steel for going into the compression range during a seismic disturb
ance is very remote.' Hence the cycling behavior of interest for prestressing
steel is the case of progressively increasing strain with an occasional un
loading. Precisely this kind of an investigation has been carried out by
BlakeleY and Park [18J. A typical curve showing stress-strain curves for cyclic
loading of a prestressing steel wire i~ taken from one of their papers, Fig. 18.
An examination of this plot shows that the energy dissipation on releasing and
reapplying the load is very small. Neglecting this small effect, the conven
tional monotonic stress-strain diagram can be safely used as an envelope for
cyclic loading, provided the steel does not go into compression.
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Some Problem Areas
lKSI=6.89MPo

STRAIN

Comparison of Experi
mental (a) and Calcu
lated (b) Results [17].
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Fig. 17.

1. Ordinarily tensile and compress
ive properties of steel are assumed to be
alike. Such is often not the case, see
Fig. 19. Schemes for using an average
o~ the two curves can be readily applied,
but may not be sufficiently. accurate in
interpreting experimental results.

2. In exhibiting the stress-strain
data either for monotonic or cyclic load
ing usually no indication is given regard
ing the speed of load application. As
seismic phenomena are short in duration,
more attention may have to be paid to
the speed o~ testing. Perhaps the intro
duction o~ the endochronic theory of
plasticity into the material interpreta
tion will help.

3. For some re~ined experiments the
agreement between theory and experiments
requires further work. The widely accepted
assumption introduced by Prandtl that on
releasing the load the material behaves in
an ideally elastic manner, may not be
accurate enough. For example, in Fig. 18,
corresponding to a strain o~ 0.030, the stress ~or the downward path is approxi
mately 67 ksi, whereas ~or the upward path it is on the order o~ 107 ksi. In
some research investigations this may represent an intolerable inaccuracy.

The progress made during the last
~ew years in describing cyclic stress
strain behavior either analytically or
with the aid o~ a computer has been signi
ficant. However, some re~inements, at
least ~or the benefit of a careful inter
pretation o~ experimental results, need
further attention. Among these are the
~ollowing:

Practical Implications

1. For most practical purposes both the monotonic and the random cyclic
stress-strain relations can be sufficiently accurately formulated. In most
cases the use of a computer becomes indispensable. All o~ the available better
formulations o~ the constitutive relations accurately represent the Bauschinger
e~~ect. Therefore, at the research level good procedures are available ~or

formulating the constitutive relations. These are impractical in routine
design applications, and a need for simpler rules is apparent.
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Fig. 18. Stress-Strain Curves for Cyclic Loading of Prestressing Steel [18].

2. Accurate knowledge of the constitutive relations permits a good formu
lation of the moment-curvature relationship for the couple developed by rein
forcing steel in cracked members.

3. A good definition of the reverse curve for the Bauschinger effect
provides important information on the tangent modulus of steel, which is
necessary for calculating the buckling capacity of the main reinforcement in
compression zones of potential cracking which gives a better basis for deter
mining tie and stirrup spacing.
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4. The considerable difficulties in
accurately defining cyclic stress-strain
relations shows that material variability is
destined to be very important in aseismic
design and the need for non-deterministic
approach is indicated.

Fig. 19. Stress-Strain Diagram
for Reinforcing Steel [3~



BOND AND SLIP OF REINFORCTING STEEL

The available information on the behavior of both steel and concrete for
monotonic, as well as for cyclic loading, is now sufficiently advanced so as
to provide reasonable predictions for their individual behavior. However,
their composite action has not been studied thoroughly enough for describing
the interaction between the two materials. Thus, although the bond-slip and
dowel actions are qualitatively understood at the research level, these pheno
mena have not been qualified to any degree of generality to be useful in design.
Much further work must be done in this area of fundamental importance in
reinforced concrete.

Some of the earlier work on bond is ably summarized in 1966 ACI Committee
Report, "Bond Stress - The State of the Art." In this document, the nature
or bond failure is discussed and the influence of splitting on bond is brought
out. However, in terms of the needs for aseismic design, this report does not
go far enough. Nothing is said regarding the anchorage and bond behavior
under severe repeated and reversed loading conditions. Unfortunately, rela
tively little has been done in this area since. A brief review of the relevant
work will be attempted here. The large number of parameters requiring further
study will be enumerated toward the end of this section.

In commenting on bond and slip of reinforcing bars, two levels of approach
must be recognized. The one is global; where in a tractable approximate man
ner the cyclic behavior and its deterioration is described for determining
the overall structural response. The second deals in detail with the local
phenomena. As information in the first area is virtually unavailable, only
comments on the second will be made here.

In general, there are two kinds of bond and slip problems which are
encountered in connection with reinforcing bars. First, there is the problem
of the interaction between the reinforcing steel and concrete in flexural
siutations where cracks perpendicular to the bars can form rather readily.
This occurs primarily in slabs, beams and beam-columns. The second problem
is one of anchorage, and in the analysis of framed structures, where under
extreme conditions deflection ductilities of 6 to 8 may be expected, even a
partial pull-out of the bars is very important. Takeda, Sozen and Nielsen [18]
were amont the first to note that pull-out of main beam bars from their anchor
age causes fixed-end rotations which significantly contribute to the deflection
of a frame. In one of their examples, this amounted to over 50% of the de
flections caused by cr~cked beam sections. Ismail and Jirsa [19], and Ma,
Bertero, and Popov [11, 20] have found this effect also to be very important.
The necessity for including such effects in the analysis seems clear.

Steel-Concrete Interaction in Flexural Members

Two schemes have been used to study the transfer of forces from steel to
concrete, and vice versa, around stressed tension bars such as occurs in flex
ure. In one of these schemes a bar is encased concentrically in a long rectan~

gular prism, or a cylinder, and axial tensile forces are applied to the ex
posed ends of the bar. The behavior of a bar encased in concrete in a region
of a beam in pure flexure is studied in the second scheme.
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Injecting ink into tension specimens with concentrically encased bars
in long concrete prisms, after splitting them longitudinally, Goto [21]
studied the crack pattern. The schematic diagram showing deformation of
concrete around reinforcing steel after formation of internal cracks is
shown in Fig. 20. This interpre
tation provides insight into the
internal mechanism for monotonic
application of force on the bar.
One can readily imagine a mirror
image of similar cracks that
would form if a complete reversal
of load were possible, such as
would occur in an anchorage under
cyclic loading. Such an interpre
tation under cyclic loading has
been used by a number of writers.
A large number of similar experi- F' 20 Deformation of Concrete
ments with monotonically applied 19... Around Reinforcing Bars [21]
end forces was performed by
Houde r22], who formulated some bond-slip relations. A refined study with
'internal instrumentation in the concentric bars for monotonic loading is
reported by Nilson [23], who urges further work in this area.

Valuable as'the above studies are, they are not sufficient for resolving
bond-slip problems under severe cyclic loading. Using the same experimental
set-up as described above, Bresler and Bertero [24] studied the bond problem
under cyclic loading. In this simulation it is only possible to apply a
tensile force and then release it. However, this may be repeated a number
of times with a different level of axial force intensity. Based on these
experiments, they reached a number of important conclusions of direct utility
in aseismic design. Among these, they noted the history dependence of bond
deterioration and the great sensitivity to the maximum peak stress level on
subsequent behavior.

A more realistic experimental set-up for stUdying deterioration of bond
in flexural members due to cyclic load reversal than is possible to achieve
in the previously referred to experiments was used by Zagajeski [25]. In
his arrangement a 12 ft simple span was loaded with reversing third point
loads. Therefore, the middle third of the beam was subjected to pure cyclic
bending, and it is this region that was studied with regards to the behavior
of reinforcing bars in bond. The bars in this region were heavily instru
mented, and crack initiators were placed to correlate with the internal gages.

The results of this study led to some significant conclusions. The
experiments corraborated the earlier findings that bond effectiveness is
sensitive to previous load history. The magnitUde of the previous stress
level and the sense in which it was acting were found to be import.ant.
According to Zagajeski [25], "The essence of bond deterioration lies in the
steel-concrete boundary layer. With cycling the tensile concrete boundary
layer experiences a softening. The result is that the steel bar encounters
less resistance to deformation, and the bond effectiveness deteriorates ....
Bond deterioration causes a corresponding reduction in stiffness, as measured
by load-deflection and moment-curvature relationships .•.. With yielding, the
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Bauschniger effect in the steel and further cracking contribute to stiffness
degrlJ,dation."

The anchorage of reinforcing steel in concrete is basic to the whole
idea of reinforced concrete. Therefore, numerous tests have been conducted
on anchorage. However, primarily these were to determine the required
length of embedment for developing the full capacity of a reinforcing bar.
The amount of pull-out from the anchoring block as a function of the applied
force, in the opinion of the writer, did not receive sufficient attention.
For gravity load design it may not be too important that bars pullout from
their anchoring media, provided the capacity of the bar is developed. How
ever, in aseismic design, at extreme loads, the fixed end rotation caused by
the pull-out of the bars may greatly soften the structural system. There
fore, unless this behavior is thoroughly understood and quantified, predict
ions of structural behavior may be in gross error.

Fixed-end
Rotations at an
Interior Column [26]

at interior joints.

Fig. 21.

A brief review of some pertinent work on
bar anchorage follows. This will be divided
into two parts. First, some information on
conventional tests will be given, where the
bar is pulled, and in cyclic investigations
also pushed, from one side only. Second, a
description of some current work on bond will
be made where the bar is simultaneously
pulled from one side and pushed from the
other, such as shown for either the top or
bottom bar in Fig. 21. This type of
generalized bond test is of particular importance

The effect of bar pull-out and push-in is illustrated in Fig. 21 [26],
where it is assumed that cracks have been
developed on both sides of a column through
the whole depth of a beam. In some cases,
one must include the effect of concrete
contact, if such is re-established. In
either case, the end rotation of a member
may be very considerable. Recall that in
reference 18, it was found that over 50% of
a beam's deflection was caused by fixed end
rotation.

a) Conventional tests

The prototype of the conventional bond test consists of a concrete
block from which an embedded bar is pulled. In some arrangements the block
is held in position by a concentric ring support; in others, the block
supporting conditions attempt to simulate a part of a beam or a joint,
requiring a clamping device or two or more concentrated supports. Reports
on a number of tests with monotonically applied, as well as cyclic, loading
are available in the literature. Some selections from such work are outlined
in the following.

The most recent re-evaluation of test data on development length and
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splices for monotonic loadings has been made Qy Orangun, Jirsa, and Breen
[27]. In their paper an equation is derived for calculating the development
and splice lengths for deformed bars. Emphasis is placed on the amount of
cover and spacing of the bars. A more limited aspect on the effect of rib
spacings and their heights on bond characteristics of a bar has been reported
by Lutz [28].

An extensive study of hooked bar anchorages for monotonic loading is
reported in two papers from the University of Texas by Minor and Jirsa [29],
and by Marques and Jirsa [30]. In the first paper, primary interest centers
on the measurements of slip between the bar and the concrete at several
points along the anchored bar. This study shows that the ultimate strength of
hooked bar achorages is about the same as that of straight bars, and that
90° hooks are preferable to those of 180°. In the second paper, specimens
with hooked bars simulating typical exterior beam-column joints were studied.
The degree of concrete confinement at the joint was the principal variable,
but these tests, being limited to a single application of the load, must be
interpreted with caution for aseismic design.

Some pUll-out tests on #8 bars having embedment lengths of 15 in. and
31 in. were carried out by Houde [22]. The specimens were used to stUdy the
combination of pull-out and dowel action. Some empirical bond stress-slip
relationships are suggested. Before their general acceptance, a wider range
of supporting test data is necessary.

Experimental results on cyclic bond behavior began to appear in the 70' s.
Such work is of direct importance in aseismic design. Some studies of this
kind have been conducted in Japan; in the U.S.A. this work is largely
concentrated at the Universities of Texas, Washington, and California. One
of the better known studies in Japan is that of Morita and Kaku [30, 32].
In their summary paper [31] various load histories of bond deterioration of
19 mrn bars in 48 mrn embedments , and of 25 mrn bars in 66 mrn, are presented,
and an empirical cyclic bond-slip law is proposed. This work is a good
beginning for a rational evaluation of cyclic bond behavior. Their more
recent paper [32] discusses cyclic splitting bond failure of large 51 mrn
(2 in.) deformed reinforcing bars.

In a two paper sequence Brown and Jirsa [33], and Ismail and Jirsa [19]
study cyclic anchorage behavior of reinforcing bars in cantilevers. These
conditions are typical of exterior joints. In the first paper, the fixed end
rotation due to slip in the fixed end is clearly recognized, and some useful
experimental data are given. The second paper, specifically directed to the
behavior of anchored bars under low cycle overloads, indicates the
necessity for increasing the embedment lengths of bars in such cases over and
above the current code provisions. These investigators noted that the
elongations of the anchored bars contributed between 30% to 45% of the total
end deflection of the beams. This conclusion is analogous to that mentioned
earlier [18, 20]. The authors conclude [19] that, " ... it appears that the
response of anchored bars to cycles of large overload is dependent on both
the load history and beam geometry, and extensive research will be necessary
before valid quantitative results can be obtained .... "



Recently some very important work on cyclic pull-out tests has been
completed by Hassan and Hawkins [34]. In their experiments concrete blocks
simulating the conditions existing at a typical exterior beam-column joint
were employed. The blocks were 6 in. thick, 24 in. wide, and 18 in. high
with the test bars being placed in the middle of the 6 in. dimension at a
distance 6 in. from the top. Two series of experiments were performed with
straight #10 Grade 40 bars, and one series, with bars terminating in 1800

hooks having 18.4 in. lead-in length. As the test blocks simulated a column,
four #7 vertical bars were used in the corners, and four #4 Grade 40 closed
ties provided concrete confinement. The blocks were held in position by an
appropriate system of supports.

In all cases the bars were well instrumented along their length by
placing gages into a machined groove on one side of the bars. Near the
pulling end of the bar such gages were placed 2 in. apart. A total of 13
experiments were performed subjecting the specimens to a variety of loading
histories. Detailed records of pull-out during load application were
maintained.

As a result of these tests some empirical formulae were proposed. These
express the energy absorbed, crack lengths, and force-deformation for an
anchored bar. The latter attempt is particularly important, but unfortunately
as yet the available data are too limited for extrapolation to cases other
than those analyzed. A study of the report does, however, shed some light
on bond deterioration under cyclic loading, which should help in establishing
an acceptable force-deformation relation. The authors of this report state
that their "study represents the exploratory part of a major study required
to completely identify and solve the prOblems of extensive damage to
buildings as a result of loss of bond in vulnerable beam-column joints." The
writer concurs with this opinion.

b) Simultaneous push-pull tests

Work somewhat resembling that of Hassan and Hawkins is being carried
out by Viwathanatepa, Bertero and Popov [26], and as their findings as yet
are not available in report form, some results are commented upon here in
detail. The work is an outgrowth of observing very serious bond deteriorat
ion at interior beam-column joints during cyclic loading of subassemblages
[20, 35]. In these experiments it was observed that during a severe over
load due to lateral forces a crack forms through a beam right next to the
column face. On reversing the load, another crack through an adjoining beam
forms on the opposite side of the column. If the applied lateral forces are
sufficiently intense, cracks form through the whole depth of a beam on both
sides of a column. Moreover, at large overloads due to inelastic straining
of steel such cracks never close, and the continuous longitudinal bars of the
beams are simultaneously pulled from one side and pushed from the other. This
condition is shown schematically in Fig. 21. The experimental set-up was
designed to simulate this condition for a single bar; and several loading
histories for different specimens were investigated. These included a
monotonic pull from one side, a monotonic simultaneous pull T from one side
and push C from the other with T = C, and several types of cyclic experi
ments with T = C.
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On this project the concrete blocks chosen to simulate a column were
10 in. thick and 46 in. high; the widths of the blocks of the tests
considered in this discussion were 25 in. in which #8 Grade 60 bars were
placed approximately in the center of the 10 in. width. Eight #7 bars were
used as vertical reinforcement, and double #4 Grade 60 closed ties were
spaced 4 in. on centers. These overlapping pairs of tiers of approximately
7.5 in. by 15 in. outside dimensions provided excellent confinement of the
concrete (compare with the much smaller ties of the Hassan-Hawkins tests).
Further, in order not to introduce local stress concentrations, these
blocks were held in position by means of heavy prestressed straps running
parallel to the test bar at 11 in. on either side of such bars. The design
concrete strength was 4000 psi.
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Strain Distributions
Along Bar at Working
Loads [36]

Fig. 22.

The stress levels reached in the
bars along its length are illustrated
in Fig. 24. Note that at the
advanced level of loading shown in this
figure essentially a constant stress
develops near the loaded end of the
bar and tapers down to zero at the

Most of the bars were thoroughly instrumented along machined grooves to
determine the strains during the progress of a test. In all cases a few
cycles at and below the working stress level were performed. The results of
the strain measurements for an experiment when the bar was pulled from one
side is shown in Fig. 22 [36]. Similar
measurements are plotted in Fig. 23 for 1~1J~Ar'N;,:,'.:cM,-,ICRO-"-I,-,N/,-,IN-,- -.,

the later phase of the experiment.
From these plots one can clearly see
how the magnitude of the strain
increases with increasing bar stress
f s and the nature of strain propagation
along the bar.
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the bar are shown in Fig. 28.
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Fig. 27. Strain Distribution Along
Bar, T = C [36]

The results from another
experiment in which the bar was
pulled from one end and pushed
from the other are shown in Figs.
27, 28, 29 and 30. This corresponds
to the condition for the top bar in
Fig. 21. The left side of the
strain distribution shown in Fig.
27 to a horizontally contracted
scale resembles that shown in Fig.
23. However, the strain caused by
the presence of the compressive
force on the right is entirely
different. It is clear from the
figure that the compressive force C
is very rapidly transferred to the
concrete. The local displacements of

free end. Figure 25 shows the bond
stresses along the same bar. The
curves are somewhat jagged, but the
general trend is consistent. Some
of the undulations are probably due
to the difficulties in instrumentation,
but others are caused. by redistribution
of stress due to slip. It is
significant to note that at large loads
the bond developed near the loaded end
is poor. On a gross average the bond
stresses reach a magnitude of
approximately 1500 ksi. By adding to
the external bar movement out of
the concrete, the displacements
from measured strains, the local
displacements along the bar can
be found. For this experiment some
such results are shown in Fig. 26.
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These were determined from external measurements of bar end movements together
with the integrated strain along the bar. The stress distribution
corresponding to the measured strains is given in Fig. 29, and the bond
stresses are shown in Fig. 30. In the latter plot again one can note its
jagged character. Same reasons are pointed out in connection with Fig. 25
apply here. Note the huge bond stress developed at the compression end of
the bar. At its maximum it reaches 8000 psi, something that was not
reported anywhere in the literature.
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Cyclic Stress-Displacement
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Fig. 31.

An example of the results
from one of many cyclic
experiments [36] are given in
Figs. 31-36. In the first
figure of this group, Fig. 31,
the stresses with T = C against W
the displacements at the tension
end are shown. Note that all
of the cyclic curves lie below
the monotonic one which is
indicated in the figure with
dashed lines. Also it is
important to note the severely 24L

pinched character of the curves 100~~~~="-_;;';;,-----!:-~;;____~~~~-~,>-~--,J-60
at the lower stresses, i. e. , .10 .06 .02 0 .02 .06 .10 .60

considerable displacements of DISPLACEMENT, IN 18,1

the bar occur even below the
working stress level.
Figures 32 and 33 show strains
along the bar. The irregular pattern of the curves at both ends of Fig. 33
suggests the presence of significant residual stresses as fractured concrete
prevents the return of the bar to its original position. The local displace
ments of the bar are shown in Fig. 34, whereas some selected stresses are
illustrated in Fig. 35, Bond stress distribution along the bar can be seen
from Fig. 36. A typical value of 1500 psi appears to be applicable for the
major part of the bar, except that at the compression end bond stresses on
the order of 8000 psi can be noted.
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Fig. 33.
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Some Problem Areas

There are extraordinarily many unresolved problems in the general area
of bond and slip of reinforcing steel under severe cyclic loading. General
rules still await their development. Some of the topics needing immediate
attention are noted below.

Stress-Displacement Relationship
[37]

Stress-Displacement Relationship
(Solid Lines for Specimen in
Compression) [37]
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2. The bar deformation
patterns have evolved without
the benefit of cyclic experi
ments. Changes in the deform
ation patterns are not too
difficult to achieve in
practice. Therefore, some
effort in studying the optimum
bar deformations is desirable.

1. The effect of concrete confinement on bond and the associated slip
needs further intensive investigation particularly as it applies to cyclic
loading. Only a very few fundamental experiments have been performed in this
general area. Some of the sUbtopics are as follows: a) Bar spacing, concrete
cover, etc. appear to be very important. Thus far most of the basic work
on cyclic bond was done on single bars. b) The effect on bond of axial
compressive forces which are typically present in columns must be stUdied
further. In a pilot test, Cobb [37] has shown the beneficial effect of an
axial force. This is illustrated in Fig. 37 where identical specimens with
T = C are compared for the
cases with and without an
axial force. c) Bond
experiments in the past
have been done at arbitrary
loading rates. The effect of
loading rates on steel, if not
fully known, is at least
understood. Nothing has been
reported on the rate effect
in bond experiments. On the
other hand for seismic
applications this may be
important. d) History of
loading must be more care
fully scrutinized. CObb'S
experiments [37] emphasize
the importance of severe
initial overloads. Figure 38
shows the consequences of a
severe cyclic strain excursion
on the SUbsequent bar slip at
working loads.

3. It appears that no
one investigated cyclic bond behavior of reinforcing bars in light weight
concrete. On the other hand structures made of this material continue to



be built.

4. No systematic information is available on bond behavior of epoxy
repaired members. Such information may be in great demand in an aftermath
of a major earthquake in a heavily populated area.

5. The interaction of reinforcing steel with prestressing rods in
partially prestressed members and the deteriorating effects of dowell
action on bond during cyclic loading needs attention.
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INTRODUCTION

Concrete has little use as a structural material without the addition of
steel in the form of reinforccing bars or prestressing tendons which, when
properly detailed, give it strength and ductility. Knowledge of the stress
strain characteristics of steel under monotonic, repeated, and cyclic {lreversed)
loading is required if the behaviour of structural concrete members subjected
to general forms of loading is to be determined. This paper reviews the stress
strain properties of steel and discusses the influence of these properties on
the moment-curvature relationships of structural concrete members. The need
for account to be taken of probable steel overstrength in seismic design is
emphasized.

STRESS-STRAIN BEHAVIOUR OF REINFORCING BARS

Monotonic Stress-Strain Behaviour

Typical stress-strain curves for steel bars used in reinforced concrete
obtained from monotonic load tests are shown in Fig. 1. Generally the stress
strain curves found from tension and compression tests are sufficiently
similar to be assumed to be identical. When the yield point is reached the
curves generally exhibit a yield plateau in which the strain increases with
little or no stress increase until strain hardening commences. Various
idealizations for the monotonic stress-strain curve have been proposed. The
ACI Code [1] in strength design assumes an elastic-perfectly plastic
relationship which ignores the strength increase due to strain hardening. If
more accuracy is required, the strain hardening region of the stress-strain
curve can be represented by a rising straight line, or by a curved line,
obtained by fitting curves to experimental stress-strain data. Equations
representing the strain hardening region of the stress-strain curves, based
on limited test data, are available (see for example [2]).

The length of the yield plateau is generally a function of the strength
of the steel. High strength high carbon steels generally have a much shorter
yield plateau than low strength low carbon steels. Similarly, the cold working
of steel can cause the shortening of the yield plateau to the extent that strain
hardening commences immediately after the onset of yielding. High strength
steels also have a smaller elongation before fracture than low strength steels.
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Fig. 1 Typical Stress-Strain Curves
for Steel Reinforcing Bars

increases due to strain rate have been
Avera e strain rate in/in per second
Percentage increase in yield strength

Repeated St~ess-Strain Behaviour

A rapid rate of loading
will increase the yield
strength of steel. For
example, for steel with
static yield strength f
45, 51 and 57 ksi (310,Y352
and 393 MPa, respectively)
the following yield strength

[3] :

0.01

It is essential for the
safety of the structure that
the steel be ductile enough
to undergo large plastic
strains before fracture.
Steel specifications generally
specify elongations at
fracture which are reasonable
for seismic design.
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Cyclic Stress-strain Behaviour

A stress-strain curve for steel under
cyclic (reversed) loading is shown in Fig.3.
After the first yield excursion the loading
curve becomes nonlinear at low stresses due
to the Bauschinger effect. This steel
behaviour is strongly influenced by previous
strain history.

Strain

Stress-strain Curve for
Steel Under Repeated
Loading

Fig. 2

If the load on a steel specimen is released before failure, recovery
occurs along a stress-strain path that is parallel to the initial elastic
branch. If loaded again the same stress~strain path will be followed up to
the original curve as in Fig. 2,with perhaps a small hysteresis and/or strain
hardening effect. The monotonic stress-strain curve is then followed as if

unloading had not occurred. Hence repetitions
of loading of the same sign can be idealized
by sets of lines parallel to the original
elastic branch, and the monotonic stress
strain curve gives a good idealization for
the envelope curve for the repeated loading
case.

(1)

Kent and Park [4], Thompson [5], Aktan, Karlsson and Sozen [6], Ma,
Bertero and Popov [7], and others, have produced analytical methods based on
the Ramberg-Osgood equation with empirical constants to trace the cyclic
stress-strain curve.
A typical form of the Ramberg-Osgood equation is

e
s

- eo f sE- f o [1 + I:s ~ :olr-l)

s ch 0
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where f: and f are the
strain ~d str~ss on the
curve, E is the modulus
of elasticity in the
initial elastic loading
run, f: and f are the
strainoand st~ess at the
beginning of the curve,
and. f ch and rare
emp~r~cal parameters.

--Ramberg-Osgood equations
•••••• Experiment

(-400)

Stress-Strain Curve for Steel With
Cyclic Loading [4]

Stress

Kips/in2 (N/mm2)

60 (400)

50 ~t..-----r

Fig. 3

In the method of Kent
and Park [4] the unloading
branches of the stress
strain curve for stresses
of both signs are assumed
to follow the initial
elastic slope,but the
loading portions of the
curve after the first
yield excursion are given

by Eq. 1. The parameter f h was found to be a function of the yield
strength and the plastic st~ain produced in the previous loading run, and r
was found to be a function of the loading run number. Fig. 3 compares an
experimental stress-strain curve with the curve given by Eq. 1 using the
empirical values found for f

ch
and r [4].

The monotonic stress-strain curve with origin at the initial position
has been shown by Leslie [8], and others ,to approximately describe the
envelope curve for cyclic loading provided cyclic loading occurs in the
tensile strain region or in the compressiv8 strain region. For more
symmetrical tension - compression straining the envelope origin appears to be
displaced horizontally. A closer fit with experimental stress-strain curves
than the model proposed by Kent and Park has been obtained by Thompson [5]
who assumed that the envelope curve for cyclic loading is the same as the
monotonic loading envelope except that whereas the origin of the stress-strain
curve for monotonic loading is at (0,0), the origins for cyclic loading
curves are assumed to be at (f: ,0) for tensile loading and (f: ,0)
for compressive loading, where f: ~ E: are the tensile and compr~~ive
residual strains, respectively, ffim the~evious load run if the recovery
curve is linear, as illustrated in Fig. 4. The stress is not allowed to
exceed the envelope curve during loading. The full extent of the curve is
represented by Eq. 1, i.e. the unloading branch is assumed to be nonlinear.
The parameter f h was found to be a function of the yield strength and the
plastic strain ~roduced in the previous cycle, and r was found to be a
function of the plastic strain produced in the previous load cycle. The
empirical values for f h and r found for Grade 40 steel (f = 276 MFa) are
given elsewhere [5]. c y

Aktan, Karlsson and Sozen [6] have also used a form of the Ramberg
Osgood equation to define both the loading and unloading branches of the
curve and obtained good agreement with test results, as is shown in Fig. 5
where the curve R-O refers to the Ramberg-Osgood model. They also devised
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Fig. 4 Stress-Strain
Envelope Proposed for Cyclic
Loading of Steel [5]
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Fig. 5 Stress-Strain Curve for Steel With Cyclic Loading [6]

an alternative idealization consisting of sets of straight lines parallel to
the elastic slope and inclined to it. Ma, Bertero and Popov [7] have also
obtained close fit with experimental stress-strain data using a form of the
Ramberg-Osgood equation.

An alternative type of idealization by Kato, Akiyama and Yamanouchi [9],
based on the observation of experimental stress-strain data, derives the
stress-strain relationship for cyclic loading from the monotonic curves for
tension and compression in the manner illustrated in Fig. 6. The measured
cyclic stress-strain curve (Fig. 6a) is divided into curves corresponding to
loadings attained for the first time, unloading branches (straight lines) ,and
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loadings attained in
previous cycles (softened
curves due to the Bauschin
ger effect). The parts of
the diagram of the same
sign of stress can be
plotted in sequence, as in
Fig. 6b. Connecting the
segments of the first
loading branches end for
end (Fig. 6c) leads to a
diagram similar to the
monotonic curves. A
difference exists at the
initial part of the curve
in compression, which ts
considerably curved,
compared with the monotonic
curve. Kato, et aI,
represented the softened
curves, due to the
Bauschinger effect, by
hyperbolas commencing at
zero stress. Using this
idealization the cyclic
stress-strain curves can be
obtained approximately from
the monotonic curves.

_. _. _ Monotonic branch

Skeleton branch
--'(first loading)

Unloading branch
--(linear)

Softened branch
----- (Bauschinger effect}

Stress-Strain Curves for Steel
With Cyclic Loading [9J

(cl Skeleton curves

StreSS,f,

l----,:-l::-------~O~.O~5-----------... Strain (',

Fig. 6

(a) Cyclic load curves

(b) Expanded curves
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The main aspect which
needs to be clarified by
further tests is how the
monotonic stress-strain
curve should be used as an
envelope, if at all. For
example, whether the
assumption of Kato, et aI,

illustrated in Fig. 6 is more accurate than the assumption of Thompson
illustrated in Fig. 4 for tension - compression straining. This has an
important effect on the level of stress reached and the influence of previous
load cycles on the strain at fracture. However there seems little doubt that
for cyclic loading in either the tensile strain region or the compressive
strain region the monotonic stress-strain curve with origin at the initial
position gives a satisfactory envelope curve.

MOMENT-CURVATURE BEHAVIOUR OF REINFORCED CONCRETE

The strength and ductility of a plastic hinge region of a member is
dependent on the moment-curvature relationship, which in turn is based on the
stress-strain relationships for the steel and concrete as well as on the
steel areas and concrete dimensions.
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Monotonic Moment-Curvature Behaviour

Fig. 7a shows a doubly reinforced concrete beam section. The stress
strain curve for the steel shown in Fig. 7b, measured from some samples of
high strength steel, has strain hardening commencing at four times the yield
strain, and a tensile strength of 1.7 times the yield strength reached at a
strain of 0.12. The concrete stress-strain curve shown in Fig. 7c is based
on test data.which takes the confining effect of the stirrup ties in the
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(d) Theorr:tical Moment-Curvature Relationship

Fig. 7 Reinforced Concrete Beam and Monotonic Moment-
Curvature Relationship

member into account [2]. The theoretical moment-curvature curve shown in
Fig. 7d for the section was calculated using the assumed stress-strain
curves, assuming that plane sections remain plane, and satisfying the
requirements of strain compatibility and equilibrium to determine the
variation of moment with curvature. The strains in the tension steel (E )
and at the extreme compression fibre of the concrete (E ) are shown on s
the curve of Fig. 7d. It is evident that strain hardenrWg of the steel has



caused a considerable increase in the moment capacity at high curvatures. For
example the moment at a curvature of 15 times the yield curvature is 45%
greater than the flexural capacity calculated ignoring strain hardening.

Repeated Moment-Curvature Behaviour

Since the monotonic stress-strain curve for steel forms the envelope
curve for repeated stress of the same sign, it is evident that the monotonic
moment-curvature relationship will also give a good approximation for the
envelope curve for repeated moment of the same sign.

Cyclic Moment-Curvature Behaviour

Theory for the moment-curvature characteristics of reinforced concrete
sections subjected to cyclic flexure can be derived using the relationships for
the stress-strain curves for steel and concrete under cyclic loading. Plane
sections are assumed to remain plane and an iterative technique which ensures
compatibility of strains and equilibrium of forces at the section may be used.
Fig. 8 shows the theoretical moment-curvature curve calculated for a doubly
reinforced concrete beam section compared with the measured experimental
points [10]. For the beam reinforcing steel f = 47 to 48 ksi (324 to 331
MPa) and strain hardening commenced at 16 to 18 times the yield strain.
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Fig. 8 Moment-Curvature Relationships for a Doubly Reinforced Concrete
Beam Section With p = 3.54%, p' = 1.14% and p = 2.30%
Subjected to Cyclic Loading [10] (1 kip in = h3 Nm, 1 in = 25.4mm)

The theoretical curves were calculated between the experimental curvature
points at which reversal of flexure took place. The theoretical and
experimental curves compare reasonably well. It was found that the shape of
the stress-strain curve for steel has a large influence on the behaviour of
reinforced concrete sections subjected to intense cyclic flexure, because for
large portions of the moment curvature loop after first yield of the steel
open flexural cracks exist in the concrete over the whole cross section of the
member and the moment of resistance is provided only by the forces in the
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reinforcing steel. The dashed part of the theoretical curve in Fig. 8 shows
the regions where full depth cracking exists. The open cracks exist in the
compression zone because of the plastic elongation of the steel in the
previous loading run which leaves open cracks which only close when the steel
yields in compression. The experimental points in Fig. 8 do not illustrate
such a sudden change of stiffness due to closing of the cracks in the concrete
as the theoretical curves, since in practice some compressillon will be
transferred across cracks before they completely close due to shear displace
ments across cracks and the presence of loose particles in the cracks.
Fig. 8 also illustrates the rounding of the moment-curvature loops due to the
Bauschinger effect of the steel. Another influence of the Bauschinger effect
on members subjected to cyclic loading is to reduce the tangent
modulus of the steel at low levels of stress,and this could lead to buck-
ling of the reinforcing bars in compression at lower levels of load than would
be expected from monotonic loading tests.

For unsymmetrically reinforced sections the small area of steel (in the
top of the beam section of Fig. 8) when yielding in tension will not have
sufficient tensile force capacity to cause the large area of steel (in the
bottom of the beam section of Fig. 8) to yield in compression. Thus the large
area of steel will only be subjected to tensile yielding and the cracking
caused by it will never close. The small area of steel, however, will yield
in both tension and compression. For symmetrically reinforced members, the
compression steel will only yield when the tension steel yields causing the
crack in the compression zone to close near the end of each loading run.
However the concrete in the compression zone will prevent the development of
extremely high compressive strains in the steel,whereas when the steel is
strained in tension extremely high tensile strains can develop, as is evident
from the ·neutral axis position in the section. Therefore the cyclic stress
strain loops of the longitudinal reinforcing bars are likely to remain
primarily in the tensile strain range. Hence the type of test load cycling
illustrated in Fig. 3 is more representative of conditions under cyclic
loading in a beam than that illustrated in Figs. 5 and 6.

Previously it was indicated that a rapid rate of monotonic loading
increased the yield strength of steel. Cyclic loading tests conducted by
Mahin and Bertero [lll,on reinforced concrete beams subjected to high and low
strain rates,indicated an increase in the first yield moment of about 20% due
to high strain rate, but a reduction in the effect of high strain rate
occurred at greater deformations, and after the first cycle of loading in
which the member is yielded the hysteresis loops were little affected by the
strain rate. Thus there is good justification for ignoring the effect of high
strain rates on the material strengths in seismic design.

STRESS-STRAIN BEHAVIOUR OF PRESTRESSING STEEL

Prestressing steel is unlikely to be stressed far into the compression
range during seismic loading and hence cyclic loading of prestressed concrete
members will cause repeated loading to occur primarily in the tension range.
Fig. 9 shows a stress-strain curve for a prestressing steel wire measured
during repeated load tests. The monotonic load curve forms an accurate
envelope curve for the repeated load stress-strain hysteresis loops. The
envelope curve can be conveniently idealized as two straight lines connected
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Fig. 9 stress-Strain Curves for Prestressing
Steel With Cyclic Loading [12]

by a hyperbolic curve, and
idealizations for the
repeated stress-strain
behaviour taking hysteresis
into account can be devised.
An idealization due to
Blakeley and Park [12] is
shown in Fig. 10.
Thompson [5] has recently
produced a more accurate
idealization which uses
the Ramberg-Osgood equation
to more accurately follow
the hysteresis loops.

MOMENT-CURVATURE BEHAVIOUR
OF PRESTRESSED CONCRETE

E,Strllin

Curves for
Cyclic

Idealized Stress-Strain
Prestressing Steel with
Loading [12]

Fig. 10

Theoretical moment
curvature curves for cyclic
loading of prestressed
concrete sections can be
computed using cyclic stress
strain curves for steel and
concrete [12,5]. A
comparison of theoretical
and experimental moment
curvature relationships is
shown in Fig. 11 for the
plastic hinge section of a
prestressed concrete beam
[12]. Preliminary trials
during the development of
the theory showed that it
was necessary to include
the effect of hysteresis
in the cyclic loading
idealization for prestress
ing steel in order to
obtain good agreement

between the theoretical and experimental curves. The moment-curvatJure loops
illustrate the well known characteristic of prestressed concrete,.that there
is little energy dissipation due to hysteretic damping prior to the commence
ment of crushing of concrete in compression, since the initial tension in the
tendons results in considerable deflection recovery of the member on unloading.

The stress-strain characteristics of prestressing steel, and the range of
steel stresses during cyclic loading of the member, indicate that the mono
tonic moment-curvature relationship is,with good accuracy,the envelope curve
for cyclic loading. This observation is confirmed by examining cyclic
moment-curvature relationships, such as in Fig. 11.

At the computed flexural strength of the member, using conventional
theory which assumes an extreme fibre concrete compressive strain of 0.003,
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DESIGN ASPECTS CONCERNING
STRENGTH

Consequences of Overstrength

Moment-Curvature Relationships
for a Prestressed Concrete Beam
Section Subjected to Cyclic
Loading [12]

Fig. 11
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the tensile strain in the
prestressing steel in the
tension zone will generally be
greater than 0.01. Thus at
high curvatures the steel
stress will approach the
tensile strength, particularly
when the neutral axis depth
of the section is small.

If during a severe earth
quake the longitudinal steel
at the plastic hinges in the
beams of a frame reaches a
stress which is significantly
greater than the strength
used in design, the resulting
increase in the flexural
capacity of the beams will
have the following undesirable
consequences: (1) The increase
in moment capacity of the beams
will increase the bending
moments acting on the columns
and may cause plastic hinges
to form in the columns,
possibly resulting in a brittle
column sidesway collapse
mechanism, (2) the increase in
moment capacity of the beams

will result in an accompanying increase in shear forces acting on the beams
and the columns that could lead to a brittle shear failure, (3) the increase
in steel strength could cause a shear failure of the beam column joint cores,
and (4) the increase in steel strength could cause an anchorage failure.
Thus, overstrength of flexural steel in beams could lead to undesirable
behaviour unless the designer is prepared to increase the flexural strength
of the columns, the shear strength of the beams, columns, and joint cores,
and the anchorage lengths. These comments emphasize that in seismic design
there is a danger in using overstrong steel. In the design for gravity loads
overstrength is not of great importance.

There is a school of thought that has recommended the
use of strain hardening steel in seismic design on the c;;rounds that the
increase in moment capacity results in less structural damage during a severe
earthquake. While that may be so, the consequences of overstrong steel need
to be considered carefully, as discussed above.



Reinforced Concrete Structures

The previous considerations have shown that the plastic hinge behaviour
of reinforced concrete members is very dependent on the stress-strain
characteristics of the steel. Therefore, the method for determining the
envelope stress-strain curves from the monotonic stress-strain curves
illustrated in Figs. 4 and 6 should also apply to determining the envelope
moment-curvature relationships from the monotonic moment-curvature relation
ships. However, it has been commented that most of the cyclic loading in
the reinforcing steel will occur in the tensile range of strain. Therefore
the monotonic moment-curvature relationships with the origin at the original
position should describe the envelope curves for cyclic flexure ,with good
accuracy,and should give a good indication of the flexural strength levels
liable to be reached during severe seismic loading.

Ata plastic hinge section in a beam during severe earthquake, strains
in the tension steel in the order of 10 to 20 times the strain in the steel
at first yield, or higher, may be reached. The tensile steel strain reached
may be particularly high when several excursions into the yield range occur
during the earthquake. If the steel has a short yield plateau and strain
hardening occurs soon after yielding, the steel may reach a stress consider
ably higher than the yield strength during severe seismic ground shaking.
The large increase in flexural strength of members reinforced by Grade 60
(f = 414 MPa) steel due to strain hardening, illustrated in Fig. 7,
m~esit essential that such stress increase be taken into account in the
design of seismic resistant structures. For Grade 40 (f = 276 MPa) steel,
strain hardening does not occur so early (see Fig. 1) ,but nevertheless the
strength increase may be significant.

In order to avoid the consequences of overstrength it is suggested that
the design shear forces in beams and beam-column joint cores, and the input
moments into columns, should be calculated on the basis of a steel stress at
the beam plastic hinges of af , where f is the specified yield strength of
the steel and a is an overstr¥ngth fact6r which is greater than unity. In
this suggested procedure the beams are designed for flexure using a steel
strength f , and when the longitudinal beam steel has been allocated the
other desi~ actions are calculated on the basis of that beam steel acting at
stress af. The overstrength factor a canbe derived considering the sum of
two effects: (a) the amount the probable yield strength exceeds the specified
yield strength, and (b) the amount the steel stress at the anticipated
maximum strain exceeds the probable yield strength due to strain hardening. It
is evident that the determination of a for a particular steel can only be
carried out on the basis of statistical data for the steel properties.

For New Zealand produced reinforcing bar the determination of a is made
difficult by the scatter of measured yield strengths which show a trend of
increasing strength with decreasing bar diameter, and a scatter of strains at
which strain hardening commences. For example, for steel with f = 40 ksi
275 MPa strain hardening typically commences at a strain of 9 t6 18 times the
yield strain, and for steel with f = 55 ksi = 380 MPa strain hardening
typically commences at 2 to 4 time~ the yield strain. It is probable that
considerable scatter occurs for steel in any country. The recommendation
made in New Zealand is a = 1.25 for steel with f = 40 ksi = 275 MPa and
a = 1.40 for steel with f = 55 ksi = 380 MFa. ¥hese values appear to arise
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from a yield strength increase of 15% plus a strain hardening increase of 10%
for steel with f = 40 ksi = 275 MFa, and a yield strength increase of
6% plus a strain hartiening increase of 34% for steel with f = 55 ksi = 380 MFa,
at strains of at least 10 times the yield strain. However ~uoting such
percentages gives a false idea of accuracy since the overstrength factors are
rounded approximate values.

It is evident that to ensure that the strength increase due to strain
hardening is kept to within known bounds, steel specifications should place an
upper limit on the ratio of tensile strength to yield strength. Also,
efforts should be made to encourage steel producers to increase the length of
the yield plateau of high strength steel.

The possible buckling of compression steel during cyclic loading is also
of concern due to the reduction of the tangent modulus of the steel at low
stress levels resulting from the Bauschinger effect. With this in mind it is
suggested that the spacing of transverse reinforcement providing lateral
support to longitudinal bars should not exceed six longitudinal bar diameters.
This spacing requirement has been recommended in New Zealand.

Prestressed Concrete Structures

At the ultimate moment capacity of ductile prestressed concrete members
the stress in the prestressing tendons in the tension zone will already be
close to the tensile strength. To avoid the consequences of overstrength it
is suggested that when calculating the design shear forces in beams and beam
column joint cores, and the input moment into columns, the prestressing steel
stress in the tension zones of plastic hinge regions of beams with bonded
tendons should be taken as the probable tensile strength of the steel.

It is also important that the steel be adequately ductile. It is suggest
ed that the strain at fracture of prestressing steel should be not less than
4%.

CONCLUSIONS

The stress-strain characteristics of reinforcing steel and prestressing
steel subjected to monotonic, repeated, and cyclic loading can be idealized
with reasonable accuracy. However the envelope curve for cyclic loading of
reinforcing steel needs clarification , and additional test data is necessary
to develop more general expressions for use in the idealizations.

The moment-curvature characteristics of reinforced and prestressed
concrete members are strongly dependent on the steel stress-strain character
istics. The inelastic compressive strains induced in the steel will be
much smaller than the inelastic tensile strains in the steel during cyclic
loading and the monotonic moment-curvature relationship could be used to
obtain the envelope moment-curvature relationship.

The attainment of high steel strengths at plastic hinge zones in beams,
due to steel strengths greater than specified and to strain hardening, could
enforce brittle modes of collapse of a structure unless the enhanced steel
strength is taken into account when calculating the design shear forces and
column actions. In New Zealand it is recommended that when calculating those



design actions the beam steel stress should be taken as 1.25f for steel with
f = 40 ksi = 275 MPa and 1.40f for steel with f = 55 ksi =Y380 MPa, where
fY is the specified steel stren~th. For prestre~sing tendons the steel stress
a~ plastic hinges in beams can be taken as the probable tensile strength.
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INTRODUCTION

In his paper "Mechanical Characteristics and Performance of Reinforcing
Steel Under Seismic Conditions," McDermott has thoughtfully examined require
ments for steels but with the apparent implicit assumption that it is primari
ly the stress-strain characteristics of the steel that determine the deforma
tion characteristics of hinging regions. Where that hinging region is adjacent
to a joint, as in the case of the beam-column subassemblages tested by the
PCA, the bond characteristics for the reinforcement are at least as important
as its stress-strain characteristics, for determining the deformation
characteristics for the hinging region [1]. That result has been clearly estab
lished from simulated beam-column and slab-column tests conducted at the
University of Washington over the last five years. Since the importance of bond
in determining the moment-rotation characteristics of slab-column connections
can be only indirectly established, this discussion concentrates on the
findings from the simulated beam-column tests.

Tests have been made on over 40 simulated beam-column connections
[2, 3, 4] about one third of the specimens having the proportions shown in
Fig. la and the other two-thirds the proportions shown in Fig. lb. The speci
mens modeled the joint region of an exterior beam-column subassemblage. Beam
moments alternating in direction, were simulated by pushing or pulling on the
beam bar and reacting that force by restraints R3 for tensile moments and ~
for compressive loadings. Column moments and axial forces were simulated by
restraints Rl for tensile loading and R2 for compressive loading.

Variables examined have been as follows: (1) load history, monotonic
loading to failure, cyclic zero to a maximum loading to failure, partially
reversed cyclic (maximum compressive load on beam bar significantly less
than maximum tensile load), and fully reversed cyclic (maximum displacement
for compressive loading equal to that for tensile loading); (2) bar grade, 40
or 60; (3) bar size, No.6 or No. 10; (4) concrete strength, 2600 to 5100 psi;
(5) hooks on the end of the bar, 90· or 180·; (6) bar deformations, bamboo
style or alternating V-style and (7) the amount of hoop reinfarcement in the
simulated joint. Specimens were proportioned, so that the loaded beam bar
would yield before failure and so that the amount of hoop reinforcement was
at least double that at which the attack end slip became sensitive to hoop
reinforcement for monotonic loading tests to failure.

The principal test results have been as follows:

(1) The form of the specimen, Fig. la or lb, has had little effect on
the load-attack end slip curve when essentially identical specimens of the
two types have been tested.
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(2) The characteristics of the loading history had a marked effect on the
rate of bond deterioration and mode of failure. Two modes of failure have
been observed (a) collapse following attainment of the same ultimate load and
deformation capacities as those obtained for a similar specimen loaded monotoni
cally to failure, and (b) collapse due to bond deterioration at an ultimate load
considerably less and at an ultimate deformation about one-third of that for a
similar specimen loaded monotonically to failure. Collapse in the later mode
occurred when the bar was reversed cyclically loaded to yielding both in tension
and compression. If, however, reversed cyclic loading was discontinued before
failure and the specimen then loaded monotonically to failure the failure mode
reverted to type (a).

(3) For reversed cyclic loading specimens with V-type lugs always performed
better than those with bamboo type deformations. Typically for cycling between
the same constant peak displacements the number of cycles for failure for V-type
lugs was about double that for bamboG type deformations.

(4) For reversed cyclically loaded hooked bars, bond resistance and energy
absorption are provided initially by the "lead-in"length to the hook and there is
a change in behavior once slip penetrates to the end of that "lead-in" length.
Shown in Fig. 2(a) is the load-slip response for a straight bar and in Fig. 2(b)
the response for the same bar terminated with 180 degree hook. The broken curve
indicates the response for a monotonically loaded specimen. The response with
180 degree hooks is much poorer than with straight bars because once slip penetra
tes to the hook the motions of the hook break up the connection. Shown in Fig. 3(a)
is the load slip response for a straight bar and in Fig. 3(b) the response for
the same bar terminated in a 90 degree hook. The hooked connection maintains good
characteristics for tensile loading considerably longer than for compressive load
ing but even then its characteristics are not nearly as good as those for a specimen
with a straight bar. An additional advantage of a 90 degree hook over an 180
degree hook is that for tensile loadings to displacements beyond the displacement
for the peak capacity, there is some regaining of strength with increasing tensile
displacements.

(5) The grade of the bar has less effect than the general form of its stress
strain characteristics. The slope of the load-slip curve after yielding depends
on the length of the yield plateau in the bar's stress-strain curve and the bar's
strain hardening modulus. For bars with similar strain hardening moduli the
slope of the post-yield load slip curve decreases as the length of the yield
plateau increases and for bars with similar yield plateau lengths the slope of the
post-yield load slip curve increases as the strain-hardening modulus increases.
Thus the total response is an averaging of two effects. That behavior reflects
the manner in which stresses build up along the bar. Strain measurements showed
that anchorage lengths of only 10 bar diameters were needed to develop yielding in
a grade 60 bar and about 8 bar diameters for a grade 40 bar. Thus, when a bar is
first stressed inelastically any yielding length is small and the initial slope
of the post-yield load-slip -curve depends primarily on the strain-hardening
modulus. However, the bond stress that can be developed with a yielding bar is
considerably less than that with an elastic bar. Therefore, for increasing loads
beyond yielding, the length of bar that is yielding increases rapidly and the
length of the yield plateau becomes increasingly important in determining the slope
of the load-slip curve.
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(6) For specimens of the same geometry subjected to the same load history the
slip for maximum load was approximately inversely proportional to the yield strength
of the bar and directly proportional to the concrete compressive strength.

(7) Before slip penetrated to the end of the bar or the lead-in length for
a bar with a hook, the load-slip curve were spindle shaped and stable for cycling
between constant slip limits. The load-slip curves directly reflected the cyclic
stress-strain curve for the reinforcing steel. After slip developed at the end
of the bar on the end of the lead-in length the load-slip curves became character
istically S-shaped and for cycling between constant slip limits, the capacity and
stiffness decreased rapidly with increasing cycles. For a straight bar, or a bar
terminating in an 180 degree hook the capacity always decreased as the slip
increased beyond that for bond failure. For a bar terminated with 90 degree hook,
there was a gain in capacity with increasing displacements beyond that for slip
at the end of the lead-in length. However, that gain was lost rapidly with cycl
ing. Further, for compression loadings there was no gain and the bars behaved as
if they were straight.

(8) The maximum capacity and the displacement for that capacity for reversed
cyclic loading were insensitive to increases in amounts of hoop reinforcement in
the joint above that shown in Fig. l(b).

From these studies it is apparent that the load-slip characteristics for the
bar are as important as its stress-strain characteristics for determinations of
the response of hinging regions in seismically loaded structures. In Fig. 4 a com
parison is made between the measured moment-rotation responses of beam-column
subassemblages II and V tested by the PCA (5), and the responses predicted from
the University of Washington's load-slip tests when all the rotation of the
beam with respect to the column is assumed to be caused by slip of the reinforce
ment within the joint. The moment-rotation relationships are those for the first
major inelastic cycle applied to the specimens. Subassemblage II had hoop rein
forcement in the joint more than adequate to prevent any marked effect on the
specimen's response of diagonal cracking or bulging within the joint core. Except
for a complete absence of joint reinforcement specimen V was identical to
specimen II. For specimen II the theoretical and measured moment-rotation relation
ships are in close agreement. For specimen V the agrEement is much poorer. That
result is to be expected since the load-slip data used was that for specimens
with "adequate"hoop reinforceme.nt and the post-yield load-slip characteristics
deteriorate rapidly as the hoop reinforcement is reduced below the "adequate" level.

The formulas recommended in Chapter 12 of ACI 318-71 for development lengths
are not adequate for inelastically, reversed cyclically loaded reinforcing bars.
The formulas recommended by ACI-ASCE Committee 352(6) should be used provided
additional embedment length is added to recognize that the concrete beyond the
line of the column reinforcement at the loaded end of the bar is ineffective for
bond.
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RECOMMENDATION

CONDUCT A COMPREHENSIVE INVESTIGATION TO DETERMINE
THE FACTORS AFFECTING THE LOAD-SLIP RELATIONSHIPS FOR
BARS CYCLICALLY LOADED INTO THE INELASTIC RANGE

The load-slip relationships for bars anchored within connection regions markedly
affects the rotational characteristics of adjacent hinging regions. In addition,
the provisions of ACI 318-71 for development length are not adequate for struc-
tures that may be subjected to severe cyclic loading. A comprehensive set of
experiments should be made and expressions developed that predict load-slip relation
ships for a variety of geometric and reinforcement conditions for bars cyclically
loaded into their yield range. From those results, recommendations should also
be made for development length provisions for bars located in structures in seismic
zones.
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FIG. 2 LOAD-SLIP CURVES FOR NO. 10 BARS, GRADE 40
3200 PSI CONCRETE, V-TYPE DEFORMATIONS
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INTRODUCTION

The vertical load-resisting capability of a building is its reason for
existence. However, with increasing building height, the lateral loads due
to wind, earthquakes, etc. assume more and more importance. This is
because, with increasing height, the overturning effect of such loads
increases. Also, with increasing slenderness, the lateral displacements
and interstory displacements may endanger overall structural stability and
the integrity of nonstructural elements, and may cause discomfort to occu
pants. The challenge to the structural engineer in designing a multi
story structural system lies in providing the necessary stiffness against
lateral loads in a way which will require the least premium for height over
the cost of supporting the gravity loads. Structural engineers have met
this challenge by developing efficient, economical and innovative new
structural systems for buildings ranging in height to over 100 stories.

This paper reviews the reinforced concrete structural systems that
have evolved over the last few decades. Resistance to wind was the prime
consideration in their development, since, until relatively recently, tall
buildings were mostly built in nonseismic areas. This report focuses on
the seismic resistance of these structural systems. An important distinc
tion must be drawn here between forces due to wind and those produced by
earthquakes. These loads are sometimes thought to belong to the same
category, just because codes specify both in terms of equivalent static
forces. Although both wind and earthquake loads are dynamic in character,
a basic difference exists in the manner in which they are induced in a
structure. Whereas wind loads are external loads applied, and hence pro
portional, to the exposed surface of a structure, earthquake loads are
essentially inertial forces. The latter result from the distortion pro
duced by both the earthquake motions and the inertial resistance of the
structure. Their magnitude is thus a function of the mass of the struc
ture, rather than its exposed surface. Also, in contrast to structural
response to essentially static gravity loading or even to wind loads, which
can often be validly treated as static loads, the dynamic character of the
response to earthquake excitation can seldom be ignored.

The lateral load resisting reinforced concrete structural systems are
described here in general terms, before converging on the seismic resis
tance of such systems.

LATERAL LOAD RESISTING REINFORCED CONCRETE SYSTEMS

The three basic framing systems to resist lateral loads in high-rise
concrete buildings are: (1) frames, (2) structural (shear) walls coupled or
acting individually, and (3) frames interacting with structural walls.

Preceding .page/blank
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Reinforced concrete frame structures depend mainly on the rigidity of
member connections for their resistance to lateral forces, and generally
tend to be uneconomical (require high premium for height) beyond 20
stories. This is particularly true of the conventional frame structure
consisting of two sets of mutually perpendicular frames. Recourse usually
has to be taken to other systems for buildings taller than 15 to 20 stories
high [1 J.

The introduction of deep vertical elements or structural walls repre
sents a structurally efficient solution to the problem of stiffening a
frame system. This is illustrated in Fig. 1a. A structural wall behaves
essentially as a vertical cantilever beam, while a frame exhibits the
deformations typical of a shear beam under transverse loads. The inter
action between the two elements reduces the lateral deflection of the
structural wall at the top, while the wall helps support the frame near the
base. However, except perhaps where the walls are located along the exter
ior of a building or form the elevator shaft, some degree of architectural
flexibility may have to be sacrificed with their use. In many cases, a
judicious disposition of walls in plan allows them to function efficiently
as vertical and lateral load resisting elements without interfering much
with architectural requirements. Fig. 1b shows typical plan arrangements
of frame-wall systems. Reinforced concrete structures using systems simi
lar to these have been built to a height of 70 stories [1].

Utilization of shear panels--structural walls, one or a few stories in
height--scattered throughout the plan, and shifted in location to offer
architectural flexibility while supplying sufficient rigidity, is another
way to adapt to diverse architectural and functional requirements [2].

The staggered wall-beam system is an innovation suitable for residen
tial buildings. Although only a limited number of high-rise buildings have
been built using this system, its advantages of large unobstructed areas in
the typical floor, of column-free areas under the buildings for parking,
and of high rigidity in the transverse direction may eventually lead to
broader applications [2].

A modification of the conventional frame arrangement which has been
found economically suitable for buildings up to about 60 stories high is
the so-called "framed tube". In this structure, a typical plan of which is
shown in Fig. 1c, the exterior columns in what would otherwise be a conven
tional frame are spaced more closely together and are connected by rela
tively deep spandrel beams to form an exterior grid which is usually
designed to resist the bulk of the lateral load. The framed tube repre
sents a logical evolution of the conventional frame structure, possessing
the necessary lateral stiffness with excellent torsional resistance, while
retaining the planning flexibility which isolated interior columns allow
[1,3] •

For taller structures, an arrangement which has been found particu
larly suitable for office buildings is the so-called "tube-in-tube" system
[1,3]. A typical plan is shown in Fig. 1d. This system has emerged as a
logical solution to the problem of providing a tall, stiff structure with
wide column-free spaces between a central core which houses all services
and an external peripheral grid of closely spaced elements.
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Number of stories·

Table 1: Guide to Selection of
Structural Systems
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For still taller structures, espe
cially where a large plan area is in
volved, intersecting planes of interior
walls or closely spaced column-beam grids

~~~V~:~i~~ ~~:de(~~~~ ~~f~h g~n~:~t~~~l~he S,,,,,,,,15,,"m, Offi" ',il"" :::;l:"':,~~il"'"
interior wa 11 s with the exterior peri - ~~::~ Wall (egg crate) up to 15 ~~ i~ i~o
phera1 gri ds reduces the shear 1a9* across ~~:~~e~~~l~a~~t~~;m up to 40

the wi ndward and 1eeward gri ds and a11 ows Si~~~~ ~~::~-Tube ~~ ~ :~ ~~ ~~ ~g
the 1atter to participate to a greater }~~e~~~~~~b~iven here are ~~s~ ~~ present day ~ra~~i~~Oas well

extent in resisting the lateral load (Fig. ,,'co,d, ',",,',d by ,"cceo' 'h"k",.
If). The use of such interior vertical
diaphragms, when indicated, essentially produces a vertical multi-cell can
tilever box beam [1,3].

Table 1, reproduced from [4], is presented as a guide in the choice of
an appropriate structural system for a new building. The ranges of suita
bility shown may vary somewhat depending upon the use of the building, the
story heights, and the design live and wind loads.

EARTHQUAKE RESISTANT DESIGN

Structural Response to Earthquakes

The effects of earthquakes may be due directly to the causative
process, such as faulting or volcanic action; or due to the ground motion
resulting from the passage of seismic waves. Of the latter effects, two
types can be distinguished: one in which dynamic (inertial) effects are
predominant; and the other, associated with landslides, soil consolidation
or liquefaction triggered by earthquake motions, where differential iner
tial effects within a structure are negligible. Except in unusual circum
stances, most of the damage associated with earthquakes has been the result
of dynamic effects, and engineering efforts aimed at designing earthquake
resistant structures are concerned mainly with such effects [5].

The ground motion at a particular site is influenced by three factors:
(a) source parameters, such as the earthquake magnitude (energy released),
depth of focus and geological conditions at and near the focus; (b) trans
mission path parameters, i.e., epicentral distance and properties and geo
logical character of the intervening ground; and (c) local site parameters,
or the geological configuration and properties of the ground at the site.

The forces induced in a structure by an earthquake result directly
from the distortions produced by the ground motion. A simplified picture
of the behavior of a building during an earthquake can be obtained by
considering Fig. 2 [5]. As the ground on which the building rests is
displaced, the base of the building moves with it. However, the inertia of
the bUilding mass resists this motion and causes the building to suffer a

*The decrease in the vertical forces transmitted to the columns as one
moves from the corner toward the center of a frame subjected to lateral
loads.



distortion (greatly exaggerated in
the figure). This distortion wave
travels along the height of the
structure in much the same manner as
a stress wave in a bar with a free
end. The continued shaking of the
base causes the building to undergo
a complex series of oscillations.

Design Criteria

The performance criteria
implicit in most earthquake code
provisions [6] require that a
structure to able to:

I 1--r- J Seismic waves
/ /

/

\
I
/

\
-t--+

I
/
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a. Resist earthquakes of
minor intensity without
damage (within the elas
tic range of stresses),

Fig. 2: Effect of Ground Motion
on Structure

b. Resist moderate earthquakes with minor structural and some
nonstructural damage, and

c. Resist major catastrophic earthquakes without collapse.

While no clear quantitative definition of the above earthquake
intensity ranges has been given, their use implies the consideration not
only of the actual intensity levels, but also of their associated
probabilities of occurrence with reference to the expected life of a
structure. The quantitative definition of such earthquake intensity ranges
would have to consider all the significant ground motion characteristics
affecting structural response, i.e., the magnitude of acceleration pulses,
frequency characteristics, and duration of the significant portion of the
ground motion. The recurrence interval associated with each intensity
range would then have to be established for each particular site. The
present lack of adequate data on earthquakes renders such an approach
beyond immediate realization. The principal concern in earthquake-resistant
design is the provision of adequate strength and ductility for the most
intense earthquake which may reasonably be expected at a site during the
life of a structure, as well as the provision of adequate stiffness for
damage control under more moderate earthquakes.

Possible Control of Seismic Input

Certain features (e.g. symmetry, absence of major discontinuities,
etc.) in a structure are desirable in that they reduce sharp peak
concentrations of earthquake-induced forces. These aspects are discussed
in a later section. The generally desirable objective of reducing the
seismically induced forces in a structure can logically be pursued further
by introducing special devices or mechanisms into the structure. This
approach has so far been limited to a very few applications. With the hope
that further research will develop the full potential of this possible
course, it is briefly reviewed in the following paragraphs.
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The schemes which have been proposed in the past to reduce the effect
of ground motion on the structure fit mainly into two categories: isolator
devices and absorber-damper systems.

Isolator devices--These mechanisms are intended to separate the struc
ture completely from its foundation, using rollers, friction pads, or
water. Isolators act essentially as force-limiting devices, since the base
shear force in the structure cannot exceed the limiting friction force in
the isolating mechanism. To be practical, an isolator mechanism should
satisfy the following conditions [7,8]:

1. Relative displacements across the mechanism should be allowed in
all directions, but should be limited to certain tolerable values.

2. Post-earthquake residual displacements should be minimized.

3. Wind should not cause relative motion across the mechanism.

4. Preferably, some energy should be absorbed by the mechanism.

5. Impact type forces generated at the end of the operative range of
the mechanism should be minimized.

6. Manufacture, maintenance and installation of the mechanism should
be as inexpensive as possible.

Requirement 2 above poses the most problems with practical isolation
devices. Many apparently feasible solutions to this problem have been
proposed [7], and isolators have been used extensively in the case of
machine foundations [9]. To date, at least one five-story reinforced
concrete building in Mexico City has been isolated from its foundation by a
ball-bearing system [10]. A limited amount of research work on isolator
systems is currently in progress in the U.S. [11].

Absorber-damper systems--In general, it appears feasible to control
the earthquake ground motions input to the base of low, rigid buildings by
means of an isolator mechanism, or by taking advantage of the properties of
the surrounding soil and its interaction with the foundation [9].

In the case of tall, slender buildings, the control (isolator) system
must perform two functions [9,12]. First, it must prevent the build-up of
unacceptably large accelerations which may occur as a consequence of reso
nance in one of the higher modes of the building when it is excited by the
high frequency components of the ground motion. Second, it must prevent
the development of large deformations in the building which may occur as a
consequence of its fundamental mode having been excited by the low fre
quency components of the ground motion. One way to realize these goals is
to increase the damping of the structure to avoid sharp peak values of
response. Another way is to confine the energy absorbing function of the
structure to built-in special devices or to specially designed portions of
the structure, which would absorb and dissipate large volumes of energy
through multilinear elastic or elasto-plastic behavior.



The use of elasto-plastic nonlinearity has often been proposed,
although such use may not be desirable at all times, since the period of
the structure tends to become longer just when the excitation of low
frequencies is predominant. Studies have indicated that devices based on
the plastic torsion of mild steel bars can provide large energy absorption
with adequate fatigue resistance. A practical device based on this
principle has been developed and is currently undergoing full-scale tests
in New Zealand where it will be incorporated into the piers of a reinforced
concrete railway bridge [13]. Another technique for controlling the
earthquake energy input to a structure was originally suggested in 1929 [14]
and involves the use of a flexible and soft (relatively low yield strength)
first story (or lower stories) [15]. During an earthquake, predetermined
areas in the lower levels of these structural systems are supposed to
undergo bilinear forms of elasto-plastic hysteresis, thereby absorbing most
of the earthquake energy. Portions of a bUilding above the soft story then
need only be designed for gravity and wind loads, as in nonseismic zones.
An II-story reinforced concrete hospital based on the above principle,
designed by ABAM Engineers, has been built in Tacoma, Washington. The
presence of a restoring force within the system prevents instability due to
large distortions of the soft story. In general, the possible residual
displacements associated with elasto-plastic hysteresis may be a drawback
of absorber systems based on such hysteresis.

The "doub 1e-co 1umn" or "mu lt i-co 1umn" system, proposed by Japanese
researchers, represents one of the ways to produce elastic nonlinearity in
a building [7,12]. When multi-columns are used, only the inner columns
support the axial and bending stresses until the deformations are large,
when the outer columns also share the stresses, thus producing hardening
spring type stiffness. The nonlinear characteristics can be adjusted
through the gaps between the inner and outer columns. This system, in
conjunction with suitable dampers, is planned for installation in the lower
three stories of the 200m tall Yosuda-Kasai Building in Tokyo [12].

The modern trend in research on input control systems is towards
'active control', the aim being to develop control mechanisms which are
regulated by electronic signals from sensors of displacements, velocities,
accelerations or forces [8,16].

One of the main problems associated with the use of isolator and/or
absorber-damper mechanisms concerns their reliability. Use of earthquake
simulators (shaking tables) appears to be essential in reliability
studies. Tests of full-scale models are not possible with the presently
available earthquake simulator facilities, except for very small
structures. It is also doubtful whether such tests could be carried out
even with the largest conceivable shaking table that could be built in the
near future [9].
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With or without the use of input control
earthquake resistant structures must meet the
or prevention of collapse and damage control.
be discussed separately, and in some detail.

devices, the design of
twin requirements of safety
These requirements will now
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PREVENTION OF COLLAPSE

Need for Ductility

The need for ductility in earthquake resistant reinforced concrete
structures has been discussed in depth and with considerable clarity by
Paulay and Uzumeri un. The following paragraphs closely follow their
treatment of the subject.

In most reinforced concrete structures, it is uneconomical to resist
the forces, generated during strong seismic ground excitations, within the
limits of elastic response of the structure. It is accepted that during
rare ground accelerations of large intensity, yielding and consequent
plastic deformations may occur at some or all critical areas within the
structure. Because prevention of collapse is a fundamental design
criterion, it is necessary to ensure that the post-elastic deformations in
all parts of the structure can occur while the lateral and vertical load
capacities of the structure are substantially maintained.

The ability of a structure to deform past the elastic limit is usually
measured in terms of ductility. Ductility in reinforced concrete
structures in general is defined as the ratio of a specified distortion at
a particular stage of the loading to that at the onset of yielding. With
certain restrictions, the term "ductility" may be considered as a useful
index of the suitability of a structure for seismic resistance.

Fig. 3 [17] shows the lateral force versus lateral displacement
relationship for two structures with identical stiffness, but of differing
strengths, responding to the same earthquake. Structure A is able to
respond to the given earthquake completely within the elastic range. The
maximum deflection corresponding to the full elastic response is l::.. A' In
structure B, when the lateral force reaches FB, the structure reaches its
elastic limit at a lateral displacement of ~.

F -- - - - - _811'-__...." Ii
B :

i

FA -------------------- A

·o
If

··-'

It has been shown [18-20] that whether the response is elastic or
inelastic, the displacements which regular medium-to-highrise structures
undergo, when subjected to a typical earthquake motion, are of the same
order of magnitude. Thus, structure B must be able to deform plastically
from B to B', if it is to survive the
earthquake. It can be seen that the
designer may select a lower strength
than the elastic reponse force
(FA)' provided that inelastic
deformations and the resulting damage
are acceptable. The current building
codes specify a design load (F )
1/3 to 1/6 of the force requir~d to
resist the earthquake elastically
(FA) .

Fig. 3: Force-displacement Relation
ships of Elastic and Inelastic
Structures

This reduction of the strength
requirement is justified only if
accompanied with design and detailing
requirements for the structure to be
ductile, so that it can deform
plastically without collapse. In the

o
lateral D;spJacement



above comparison, ~A is the same as ~u' the ultimate deflection of
structure B, and ~B is the same as ~y' deflection at yielding of struc
ture B. The ratio ~A/~R =~ /~ = ~ is the displacement or system
ductility factor for the str~ct~re. ~

Distribution of Ductility Requirements Along Structure

It is important to draw a distinction between the ductility factors
associated with the lateral displacement of a structure and local ductility
factors. Since the former is achieved through inelastic deformations at the
critically stressed portions of a relatively few members, the corresponding
local ductility factors are of primary interest in design. Thus, it is
worthwhile presenting here some of the more significant results of analyt
ical studies of the earthquake response of frame, wall and frame-wall struc
tures.

Frames--The configuration and relative member stiffnesses of the basic
20-story frame structure considered in a study by Clough and Benuska [21],
from which most of the results presented here are drawn, are shown in Fig.
4a. The frames were designed for vertical loads plus the lateral forces
prescribed by the Uniform Building Code, 1964 Edition. The yield moments
were taken as twice the corresponding computed design values for the girders
and six times the corresponding design values for the columns.

In nonlinear dynamic response analyses, the moment-rotation character
istics of the members were assumed to be of the bilinear type, with the
post-yield branch having a slope equal to 5% that of the elastic branch.
The term ductility factor was defined as the ratio of the maximum rotation
at the end of a yielded member, to the yield rotation angle. The yield
rotation angle was defined as that corresponding to a moment acting at the
end of a simply-supported member having the same section but a span equal to
half that of the actual member. The use of a half-span was based on the
antisymmetrical mode of deformation of frame members due to lateral dis
placement.

The results shown were obtained by subjecting the base of the struc
tures to the first 4 sec. of the 1940 E1 Centro earthquake (N-S compo
nent). Other earthquake records with different frequency characteristics
may produce results significantly different from those presented.

1. Comparison of linear (elastic) and nonlinear response--Fig. 4b(i)
shows that the maximum lateral displacements for both the elastic and the
nonlinear frames are approximately equal, as schematically indicated earlier
in Fig. 3. This similarity, however, does not imply the development of
similar maximum deformations in corresponding members of the two frames.
Fig. 4b(ii) shows the girder ductility requirement for the nonlinear case
varying from 2 at mid-height to 5 at the top, compared to a maximum-to-yield
moment ratio of about 2 for the elastic case. An analysis assuming com
pletely elastic response slightly overestimates the inelastic deformations
in the columns (Fig. 4b(iii)). In Fig. 4, as well as in subsequent figures,
a ductility factor less than unity indicates the ratio of the maximum moment
to the yield moment in a member.
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2. Effect of period of vibration--Two 20-story frames having funda-
mental periods of 1.6 and 2.8 sec. were considered in addition to the
standard 2.2 sec. frame. The basic stiffness parameter, (EI) , was
varied to obtain the different periods. The results, shown iR Fig. 4c,
indicate that there is a slight decrease in girder ductility requirements
for the more flexible (long-period) structures. However, a study by Goel
and Berg [22]of the response of 10-story, single bay frames to three dif
ferent earthquake records showed that this particular trend can be reversed
in the case of earthquake records characterized by dominant velocity spec
trum peaks in the 2-3 sec. range.

A probabilistic study by Ruiz and Penzien [2310f the response of
8-story shear-beam models subjected to a number of artificially generated
accelerograms showed that in stiff, short-period structures with a funda
mental period of about 0.5 sec., the ductility requirements tend to
decrease toward the top of the structure. This contrasts with the varia
tion typical of more flexible frames shown in Fig. 4c where the influence
of the higher modes of vibration causes a significant increase in the duc
tility requirements in the top stories. Ruiz and Penzien also observed
that the ductility requirements at the base of a stiff structure are sig
nificantly greater than those for a flexible structure subjected to the
same excitation.

3. Effect of strength of girders--Three frames were considered: the
reference structure with a girder yield-to-design moment ratio of 2.0 and
two other frames, identical to the first, except that the yield moments
were 1.5 and 4.0 times the design moments.

As expected, the girder ductility requirements decreased with increas
ing girder strengths. This is shown in Fig. 4d(i). More significant,
however, is the fact that the increase in girder strength forced more of
the inelastic deformation to occur in the columns, as indicated in Fig.
4d(ii). In general, decreasing the yield strength of one member type,
i.e., columns or girders, with respect to another tends to attract inelas
tic deformation toward the weaker members, resulting in reduced yielding in
the stronger member type.

4. Effect of column strength--This variable was studied by consid-
ering two frames, having column yield-to-design moment ratios of 2.0 and
10.0, in addition to the reference frame which had a moment ratio of 6.0.
Fig. 4e indicates that increasing the column strength beyond that corres
ponding to a ratio of 6.0 does not materially affect the response. This
follows from the fact that the columns in the reference building remain
essentially elastic during the response.

Fig. 4e, however, shows that a reduction in column strength can have a
significant effect on the distribution of ductility requirements. If the
columns do not have a sufficient marg'in of strength above the design level,
most of the inelastic deformations will tend to occur in the columns.
Because of the danger of instability associated with excessive yielding in
the columns, such a condition should be avoided.



Walls--The results presented are from the report of a recent investi
gation conducted at the Portland Cement Association (PCA) [24]. The basic
structure considered in this study is a 20-story building consisting mainly
of a series of parallel walls (Figs. 5a-c).

The stiffness of the wall in the basic bUilding was assumed uniform
along the height. A constant wall cross-section throughout the height was
also assumed. However, a reduction in the yield strength of sections above
the base was included to reflect the effects of axial loads on moment capa
city. The building was assumed to be fully fixed at the base. Inelasticity
was allowed in dynamic analyses by means of concentrated flexural 'point
hinges' which formed at the ends of elements when the yield moment was
exceeded at these points. The hysteretic moment-rotation relationship for
these hinges was an extended version of Takeda's model [25] which accounts
for the observed decrease in reloading stiffness in reinforced concrete
members subjected to reversed inelastic loading. A 12-mass model of the
20-story walls was used in analyses (Fig. 5d), with the masses concentrated
at each floor level in the first four floors where most inelastic action
usually took place.

The ground motion used in analyses had the same frequency characteris
tics as the E-W component of the 1940 El Centro record. The duration of
the motion was set at 10 sec. The intensity was normalized to 1.5 times
the spectrum intensity corresponding to the first 10 sec. of the N-S
component of the 1940 El Centro record.

Ductility was defined on the basis of nodal rotations as being equal
to e / e where em was the max imum computed rotat i on at the
node, WRa eyYwas the no8~1 rotation corresponding to yielding at the
base.

1. Effect of fundamental period--The effect of the initial
fundamental period was investigated using values of 0.80, 1.40, 2.00 and
2.40 sec. to cover the practical range for 20-story buildings. Each period
was investigated under varying values of yield strength of the critical
section at the base (M ), in order to examine the relationship between
these two major variab~es and the response quantities. Fig. 5e presents
ductility requirements along the height of the walls for M = 500,000
in-k. The ductility requirements become greater with decr¥asing funda
mental period (increasing stiffness). Beyond a certain value of the
fundamental period, however, the ductility requirements do not decrease
significantly with an increase in period.

2. Effect of flexural strength--The values considered for the yield
strength of the base critical section ranged from 500,000 to 1,500,000
in-k. The results, for the particular case of T =1.4 sec. are presented
in Fig. 5f. It can be seen that the ductility r~quirements increase signi
ficantly as the yield level decreases.

Frame-Wall Systems--The results presented here are from the Clough
Benuska study referred to earlier [21J. Fig. 6a shows the relative stiff
nesses of the members of the standard structure in terms of a reference
(EI)o' The value of (EI)o has been adjusted to give the standard
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structure a fundamental period of 2.2 sec. As with the frame bUilding dis
cussed earlier, the design moments were determined by a computer analysis
for the static vertical and the code seismic forces.

1. Effect of design assumptions concerning distribution of lateral
loads between frame and structural wall--Designs corresponding to three
different ways of distributing lateral loads, found in practice, were
considered. A first design was based on the assumption that the entire
lateral load was carried by the structural wall. The frame for this
building was designed only for vertical loads, with the girder moments
being uniform and the column moments increasing from top to bottom. A
second design was based on the Uniform Building Code provisions requiring
the frame to be designed for (at least) 25% of the total lateral forces.
This led to girder and column moments, both of which increasd from top to
bottom. A third design was based on the true interactive behavior of the
frame-wall system. In this case, the girder and column moments were larg
est at mid-height and decreased both upward and downward. In each case,
the ratio of yield-to-design moments was set equal to 2 for the girders and
6 for the columns and walls. In all cases, the reference stiffnesses were
adjusted to yield a fundamental period of 2.2 sec.

The girder and column ductility requirements corresponding to the
three buildings considered are shown in Fig. 6b. Also shown is a curve
corresponding to the 25% lateral-load frame building with the structural
wall hinged at the base. The very favorable distribution of strength in
the interaction frame building, resulting in significantly lower ductility
requirements for girders over the entire height and for columns at the top,
is evident. The relatively low design strength of the frame in the
gravity-load frame building is reflected in the high girder ductility
requirements. It is worth noting that designing for frame-wall interaction
tends to eliminate yielding of the columns at the top stories.

Fig. 6b shows that the ductility requirements (Mm x/M for ductil
ity ratios less than unity) in the structural walls fo~ th~ four buildings
considered are roughly of the same order of magnitude. For the yield-to
design moment ratio assumed, none of the structural walls was stressed
beyond the elastic range.

2. Effect of period of vibration and frame-to-wall stiffness
ratio--Two structures with fundamental periods of 1.6 and 2.6 sec. were
considered in addition to the reference 25% lateral-load frame building,
having a fundamental period of 2.2 sec. The 2.6 sec. building had a 10-ft
wide structural wall with a stiffness ratio relative to the wall in the
reference building of 0.2, while the 1.6 sec. building had a 38-ft wide
wall and a stiffness ratio of 5.0.

Fig. 6c shows the girder and column ductility requirements. There is
no significant difference in column ductility requirements among the three
buildings. A slight decrease in girder ductility requirements occurs in
the stiffer (shorter-period) structures. This trend is contrary to that
observed in open frame structures. It should be realized that the periods
of the three structures considered differ, not because of a change in
stiffness of the frames (as was the case with the frame structures
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discussed earlier), but because of a change in the width and hence the
stiffness of the structural walls. In all three structures, the frame
portions were identical. The observed difference in girder ductility
requirements can thus be interpreted as reflecting the effect of the
wall-to-frame stiffness ratio rather than of the period of vibration.

A plot of the structural wall ductilities, shown in Fig. 6c, indicates
a decreasing ductility requirement for the stiffer structures. More
important, however, is the relatively large ductility requirement indicated
for the 2.6 sec. structure, compared to the elastic behavior of the other
two structures. This points to the potential danger of rupture in such
stiffening elements in structures with low wall-to-frame stiffness ratios.

Design for Prevention of Collapse

The design of a structure for prevention of collapse usually consists
in proportioning and detailing the critical regions such that they possess
adequate strength and ductility. The discussion in this section is thus
focused on the critical regions, rather than on the structure as a whole.

One important design consideration affecting the integrity of the
entire structural system is the provision of 'multiple lines of defense'
This can be accomplished with a high degree of static indeterminacy and
with the establishment of an advantageous sequence in the propagation of
yielding. This aspect is discussed in a later section.

While there have been attempts to relate code-specified minimum system
ductilities and local ductility requirements in the case of frames [26] and
cantilever walls [17,271, the best way to assess the local ductility
requirements in the critical regions of a particular class of structures,
corresponding to a specified earthquake intensity, is to carry out dynamic
inelastic analyses of structures representative of the class under various
combinations of structural and ground motion parameters. This was done at
PCA in the case of isolated wall structures [24,281, resulting in charts
such as the one illustrated in Fig. 7. The chart gives the required duc
tilities, based on nodal rotations at the first floor level, in 20-story
structural walls under an earthquake with a spectrum intensity equal to 1.5
times that of the first 10 sec. of the N-$ component of the 1940 El Centro
record. The ductility requirements decrease with increasing flexural yield
strengths of the base critical section, as well as with increasing periods.
There will, in practice, be an upper limit on the period or flexibility (as
discussed later). One is thus faced with a situation of trade-off between
flexural strength and ductility requirements.

It must be understood that the critical regions have to be designed
such that the required ductilities are attainable in the presence of the
shear and the axial stresses which the regions are called upon to carry.
The presence of shear has a decidedly adverse effect on ductility. While
axial loading is known to have a detrimental effect on the curvature
ductility of a section [291, its effect on the rotational ductility of a
member segment is not necessarily harmful. This is because the presence of
axial loads results in an enlarged concrete compression zone capable of
transmitting shear. This has a delaying, if not preventive, effect on the
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possible occurrence of nonductile shear failure. Rotational ductility is
thus enhanced by axial loading, particularly in the presence of high
shear. Axia1 1oading, to have any beneficia1 effects, however, has to be
1imited in magnitude to rather moderate levels. High axial loads, tending
to cause compression failures, are bound to have harmful effects. Fig. 8,
based on recent tests carried out at PCA [30], may serve as a guide to
rotational ductilities available in reinforced concrete wall segments. The
beneficial effect of confinement reinforcement on ductility should be
noted. More experimental research is needed in this area to establish
minimum availab1e ductilities as functions of axial and shear stresses,
under various combinations of sectional parameters (shape, amounts of
flexural, confinement and shear reinforcement, etc.). Such research must
a1so extend to critical regions of frames and frame-wall systems.

In [28], the possibility was raised that designs based on a comparison
of just one measure (e.g., rotational ductility) of deformability demand
and deformation capacity may not be entirely safe, particularly since the
estimates of deformation capacity are usually based on laboratory loading
histories which are different from those experienced by critical member
segments under seismic conditions. Thus, in addition to rotational
ductility as defined in Fig. 9, three other measures of deformation as we1l
as energy dissipation (also defined in Fig. 9) were considered. Based on a
comparison between estimated available and required values of the various
quantities under severe earthquake conditions, it was determined [28] that
designs satisfying minimum deformability (energy dissipation) requirements
in terms of rotational ductiity wi1l also be safe with regard to the other
measures of deformation and energy dissipation.
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MIn addition to ductility, sufficient
shear strength for the critical segments must
also be provided for in design. This may not
always be simple, since repeated reversed
loading of reinforced concrete member seg
ments in the inelastic range may lead to a
reduction in their shear resistance. There
is a paucity of test results on which one can
base reasonable estimates of the shear capa
city of reinforced concrete member segments
subjected to repeated reversing loads of
large amplitude [31]. Partly because of
this, and partly out of concern for ductility
as well as energy dissipation capacity (which
suffers because of stiffness degradation
caused by moment reversals in the presence of
moderate-to-high shear), Paulay [32] has made
the following suggestion for the case of tall
(height/depth >3) structural wa 11 s: "Where
it is essential that the lateral and gravity
strength be maintained in a ductile manner,
... every attempt must be made to suppress a
shear failure. This is only possible if the
shear force, associated with the maximum
possible flexure strength of the critical
section, taking into account the increased
yield strength of the flexural reinforcement due to strain hardening, is
provided for in such a way that the shear (web) reinforcement will not
yield." The following suggestions concerning low (height/depth<2)
structural walls have also been made:

(a) If a ductile (i.e., flexural) failure mechanism is desired, then
the nominal shear stresses, associated with the maximum possible flexure
strength of the critical section, must be moderate say, vu<5~ psi.

(b) Because the flexural failure mechanism is associated with large
cracks, no reliance can be placed on the concrete within the hinging region
in contributing towards shear strength. Consequently, in the hinging
region the whole of the shear force should be resisted by stirrups.

Bertero and Popov [33,34] recommend that flexural members in general
be designed such that their maximum bending strength does not require the
development of maximum average nominal shear stresses beyond 3.5VfE psi.
If it is not possible to keep the nominal shear stress below this level,
special web reinforcement beyond that required by present code provisions
should be used. Even then, the maximum nominal shear stress should not
exceed 6~ psi if two or more load reversals at a displacement ductility
ratio of 4 or greater (for the member) is expected. The maximum nominal
shear stress, in any case, should preferably be confined to a value
considerably lower than 10~ psi.
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DAMAGE CONTROL

The provision of adequate local ductilities and shear strength in all
critical regions will not only minimize the probability of collapse, but
will usually also minimize earthquake damage to the structural elements of
a building. Careful attention must be paid to the detailing of joints and
to proper anchorage of all reinforcement. In addition, considerations such
as (1) the avoidance of unnecessary torsion and force concentrations, (2)
proper tying together of structural elements, '(3) prevention of hammering,
and (4) taking proper account of stiff infil1s in spaces between frame
elements or columns, are also important. These considerations are dis
cussed in the next section. The discussion here is on damage to nonstruc
tural elements, which is of utmost concern, since such elements represent a
major portion of the cost of residential and office buildings.

The magnitude of interstory horizontal deformations appears to be the
prime factor determining the amount of earthquake damage to nonstructural
elements.

Force-Deformation Characteristics of Nonstructural Elements

Nonstructura1 elements can be made of brittle or ductile materials,
each characterized by its own response to loading.

Brittle elements such as unreinforced masonry partitions, glass panes,
etc. fail abruptly after reaching their maximum strength. Depending upon
the magnitude of their deformation before sudden brittle failure, they can
be either relatively rigid (asbestos cement sheets) or relatively flexible
(gypsum drywall panels).

Ductile elements reach their maximum strength and continue to deform
while maintaining an acceptable load level. Many of the brittle materials
can be made into ductile elements, either by reinforcing them (i.e.,
reinforced masonry), or by proper assembly of units (i.e., walls made of
individual gypsum drywall panels with flexible connections between them).

While for some nonstructural materials and assemblies the force
deformation characteristics are known, no information exists for many other
elements. This lack of information makes it difficult, if not impossible,
to establish rational limitations on interstory distortions. Research is
needed to establish force-deformation characteristics for all nonstructural
elements incorporated into earthquake-resistant buildings.

Design and Detailing for Damage Control

If the nonstructural elements are ductile and are thus able to distort
and accommodate the elastic and plastic distortions of the structure
without cracking or breakage, then no special detailing is required; these
elements will not suffer any significant earthquake damage.

Where brittle nonstructura1 elements are used, they can be protected
against earthquake damage by using them in conjunction with rigid
structures having interstory deformations restricted to a level which can



be tolerated by the brittle elements. This can be accomplished in
buildings incorporating structural walls, except for the hinging region in
which shearing type deformations may be large. Within the anticipated
hinging region, special detailing for brittle nonstructural elements may be
required.

In flexible structures (frames) with expected interstory deformations
larger than the damage deformation capability of brittle nonstructural
elements, such brittle elements should be detailed so as not to be strained
when the frame distorts in an earthquake. Partitions can be made
"floating", window panes can be embedded in neoprene gaskets, and
mechanical appurtenances can be specially detailed. The amount of expected
deformation can be determined from analysis by considering the combined
elastic and inelastic story deformations.

Although generally the only adverse effect of the required special
details is to add to the cost, there are instances where performance is
affected, as when accoustic problems are caused by floating partitions.

PLANNING AND DESIGN CONSIDERATIONS

A reasonably good basis for a preliminary design of an earthquake
resistant building would be a structure proportioned to satisfy the
requirements of gravity and wind loading. The planning and layout of the
structure, however, must be undertaken with proper consideration of the
dynamic character of earthquake response. Thus, modifications in both
configuration and proportions to anticipate earthquake requirements may be
incorporated immediately into the design for gravity and wind. The
following are some of the design considerations.

1. Drift limitation--A limitation on drift or lateral deflection
due to wind is the principal criterion used in assessing the proper lateral
stiffness to be built into tall buildings, and may determine the type of
structural system to be employed. The use of a maximum allowable drift is
based on the need to limit to safe or tolerable levels the effects of
lateral sway on (a) the stability of individual columns as well as the
structure as a whole, (b) the integrity of nonstructural elements, and (c)
the comfort of the occupants. The precise relationship between drift due
to wind and the above three factors remains to be established. To date
only the Uniform Building Code [35], and the National BUilding Code of
Canada [36], among the North American model building codes, specify a
maximum drift of H/500 (H = building height), corresponding to the design
wind loading. Also, ACI Committee 435 recommends a drift limit of H/500
[37]. The present day design of tall reinforced concrete buildings con
taining structural walls provides extremely rigid structures [38] with a
drift (computed by advanced methods) between H/IOOO and H/2500, depending
on the slenderness ratio of the building and the number and layout of walls.

Basically the same considerations as mentioned for wind enter in
aseismic design, although one might expect slightly more liberal drift
limitations under major earthquakes. For severe earthquake motion, the
principal consideration insofar as drift is concerned is the stability of
the structure under the action of gravity loads when undergoing large

729



730

lateral displacements. The SEAOC Code [6] mentions an allowable drift due
to the specified earthquake forces twice that allowed for wind. In
applying such a limit, a distinction should be made between the drift
produced by the code-specified static forces and the dynamic lateral
displacements corresponding to a particular earthquake. The latter could
be several times larger than the former [21]. It also follows from the
previous section that the need for damage control may require a limit on
the interstory drift as well, although no specific limits have been
suggested.

Fig. 10 based on the PCA study on isolated walls [28] shows the
maximum drift and interstory drift in 20-story walls subjected to intense
earthquakes (spectrum intensity = 1.5 times that of the first 10 sec. of
the N-S component of the 1940 E1 Centro record), as functions of the
fundamental period and the rotational ductility available in the critical
region at the base (extending to the first floor level). The displacements
shown are envelope values of the displacements caused by a number of earth
quakes of varying frequency characteristics. It can be seen that if and
when suitable limits on the drift as well as the interstory drift can be
decided on, a corresponding allowable upper limit on the fundamental period
can be established. The latter can, in turn, be translated into an
allowable lower limit on the flexural stiffness.
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2. Avoidance of unnecessar~ torsion and force concentrations--A
building which 1S slmple in both p an and elevat1on, w1th a m1nimum of
setbacks or changes in section, is generally preferable to an irregularly
shaped structure. This is because the effects of force concentrations
which occur at major discontinuities in either geometry or stiffness even
under static loading, tend to be aggravated under dynamic conditions. The
required ductility at such regions of discontinuity is usually
substantially greater than at other portions of a structure.

Although it may not be practical to plan a fully symmetrical building,
any effort to reduce the eccentricity of the effective inertial force due
to the noncoincidence of the centers of mass and of rigidity will payoff
in reduced torsional stresses, which can be critical in corner columns and
end walls. Locating the major stiffening elements near or along the plan
periphery of a bUilding substantially improves the torsional resistance of
the structure.

3. Building multiple lines of defense--This aspect has been lucidly
discussed by Paulay [32] , on whose treatment the following two paragraphs
are based.

Cantilever walls can provide excellent resistance against lateral
loads and can greatly reduce deflections. However, for seismic conditions
they offer only a single line of defense. Should a large excitation
require yielding, this is likely to cause permanent deformations near the
base, and may lead to early misalignment in the building. Regular
arrangements of openings in cantilever walls enable coupled walls to be
formed. In seismic areas it is essential that the coupling beams rather
than the walls form the weaker elements. With suitable detailing, coupled
structural walls can be both efficient in load resistance and sufficiently
ductile. Energy dissipation, when required, can be well dispersed over the
height of the structure, and thus several lines of defense may be mobilized
when extreme displacements are imposed on a building.

In general, a high degree of static indeterminacy is desirable in
earthquake-resistant buildings. It is further desirable that an
advantageous sequence in the propagation of yielding be established, so
that damage in repairable and less critical areas will occur first. The
principal gravity load carrying units will then receive the greatest degree
of protection. The designer must establish an intelligent hierarchy in the
most probable strength levels which he intends to provide for each
structural component.

In connection with the above, it is interesting to note the current
approach to seismic design in New Zealand, as embodied in New Zealand
Standard 4203:1976. This code requires that [39] buildings expected to
undergo flexural ductile yielding be designed by a procedure called
capacity design. In the capacity design of earthquake-resistant
structures, energy-dissipating elements or mechanisms are chosen and
suitably designed and detailed, and an other elements are then provided
with sufficient reserve strength capacity to ensure that the chosen
energy-dissipating mechanisms are maintained throughout the deformations
that may occur.
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4. Tying together of elements--The need to adequately tie together
all the structural elements making up a building, or a portion of it which
is intended to act as a unit, cannot be overemphasized. This applies to
superstructure as well as foundation elements, particularly in buildings
founded on relatively soft soil. Here, attention should be focused on the
design of the segments of elements at and near the joints, since these are
generally the regions which are most critically stressed.

Adequate connections should be provided across construction joints if
they are required between parts of a building or between the main portion
of a structure and an appendage, e.g., stairway enclosure, carport, etc ..

5. Prevention of hammering--The different portions of a building
should either be tied together adequately or separated from each other by a
sufficient distance to prevent their hammering against each other.

Expansion or similar joints used to separate parts of a building which
differ considerably in height, plan size, shape, or orientation should be
sufficient to allow the components to sway independently of each other
without impact. Any required passageway, corridor or bridge linking
structurally separated parts of bUildings should be so detailed as to allow
free, unhindered movement during an earthquake.

In order to avoid hammering between adjoining buildings or separate
portions of a building when vibrating out of phase of each other, a gap
(perhaps filled with readily crushable material) equal to from four to six
times the sum of the calculated lateral deflections of the two structures
under the design (code) seismic forces, or the sum of the maximum deflec
tions of the two structures as indicated by a dynamic analysis, would be
desirable.

6. Infilled frames--The use of very stiff walls to fill the spaces
in relatively flexible frames should be considered carefully during the
preliminary design stage. The presence of rigid infill (having corres
ponding strength) causes the infilled frames to behave like cantilevers,
thus totally changing the behavior of the frame elements.

If the infilling material is intended to act in combination with the
enclosing frame, then it should be designed and constructed to ensure this
composite action. Proper reinforcement and connection to the enclosing
frame are essential. The analysis should likewise consider the increased
stiffness and modified behavior of the infilled frames.

If the infill is made of fairly brittle material, such as glass or
hollow brick masonry, and is not expected to contribute significantly to
the lateral resistance of the frame, then it should be effectively isolated
from the surrounding frame by gaps or readily crushable or yielding
material to allow sufficient relative movement between the frame and such
elements. The disastrous effect of deformation incompatibility between
flexible frames and brittle infills has been observed in many earthquakes.

7. Reduction in the clear height of columns--The effect of
introducing low walls between columns, as shown in Fig. 11, should be
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Original

clear height
of column

J

noted. The reduction in height
of the columns increases their
stiffness with respect to bending
in the plane of the wall. This
will cause the columns to be
subjected to greater horizontal
shears than they would be
expected to develop if the walls
were absent. This is in addition
to the effect which a decrease in
the period of vibration of the
structure--due to the increase in
stiffness of the columns--will Fig. 11: Effect of Introducing Low
bring. The reduction in height Walls Between Columns
also reduces the lateral deformation capacity of the columns in the plane
of the wall. The use of such walls without allowing for their effects on
the columns has been known to cause severe distress in portions of the
columns above the wall.

SEISMIC PERFORMANCE OF REINFORCED CONCRETE STRUCTURAL SYSTEMS

The performance of reinforced concrete buildings in many past earth
quakes [40] has demonstrated that such buildings, when properly engi
neered, can withstand severe earthquakes not only without collapse, but
also without serious damage to either structural or nonstructural ele
ments. Collapse of reinforced concrete structures, as well as failure of
individual structural elements or their connections, when such occurred,
could be traced either to a lack of adequate strength and ductility, inade
quate construction procedures, or to a lack of attention to the design
considerations enumerated in the previous section. Damage to nonstruc
tural elements, on the other hand, could be traced either to insufficient
structural stiffness or to a lack of proper detailing of the connections
between structural and nonstructural components.

While the foregoing, in general terms, affirms the adequacy of the
current aseismic design procedures, serious deficiencies exist in the cur
rent capability for predicting the actual seismic performance of a struc
ture. This has been clearly pointed out by Bertero [41] whose treatment of
the subject is closely followed in this section. In the case of earthquake
excitations, it is usually necessary to predict the force-displacement
relationships for each story of a structure. The lateral displacement at
any story ( ~Hi) can be expressed as a function of the gravity forces
acting on the structure [G(t)], and the dynamic characteristics of the soil
and the structure, which can be represented symbolically by the period
['T(t)] and the damping coefficient [s(t)]. Thus [41] :

~Hi(t) = f [G(t), T(t), s (t)] (1)

An analysis of the parameters involved in Eq. (1) indicates the following
difficulties with the prediction of seismic response [41] :

1. All the parameters are time-dependent, except that the gravity
forces usually remain practically constant for the duration of an
earthquake. Thus, (a) the effect of the inertia forces developed at the
masses cannot be neglected, (b) the rate of loading may be high enough to
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affect the static-mechanical characteristics of the materials, on the basis
of which the dynamic characteristics of the structure [T(t), S (t)] are usu
ally predicted, and (c) the possibility of low-cycle fatigue as well as
incremental collapse must be considered.

2. The inertia forces depend not only on U (t) but also on
~i(t), T(t), s(t) . This interaction between strHctural response and the
forces themselves poses particularly intricate problems.

3. Lateral displacements, ~.(t), depend on the ground motion
occurring at the foundation of the bJilding, rather than on the free-field
ground motion, Ua(t). The actual ground motion depends on soil-structure
interaction. Th~s interaction affects not only ~H.(t), but also T(t) and
S(t). 1

4. Structural elements interact with one another and with nonstruc-
tural elements in a complex manner which depends on the detailing of their
joints and connections.

5. Since inelastic deformations are not single-valued functions of
stress, but are dependent upon the prior deformation history, a knowledge of
both the critical loading combination and the history of loads is necessary.

The above difficulties are a clear indication of the need for experi
mental studies of actual buildings under real earthquakes. In fact, several
reinforced concrete buildings and their surroundings around the world have
been instrumented, and are currently under observation. Unfortunately, how
ever, one cannot afford to wait for extreme earthquake excitations to occur
in the vicinity of these few buildings to learn about their inelastic behav
ior. Ideally, the next best approach would be the testing of actual instru
mented structures under simulated extreme excitations. However, the techni
cal and economic problems associated with the generation of such extreme ex
citations have so far proved intractable. A more feasible approach is to
reproduce ground motions by means of controllable shaking tables. Many
small and a few medium-size simulator facilities are already in use.
Although the research potential of these facilities is excellent, they can
only test small-to-medium-scale models of complex structural systems. These
models are usually inadequate to investigate in detail the actual dynamic
characteristics and failure mechanism of the prototype. Furthermore, the
reproduction of the actual ground motion (three components of displacement)
is not easy. Most shaking tables reproduce only one of the three components
at a time.

The foregoing indicates that at present the testing of actual complex
structures under extreme dynamic excitations, real or simulated, is not al
together feasible. The most logical alternative is to subject actual struc
tures or large-scale models to equivalent pseudo-static forces intended to
induce effects similar to those of real dynamic excitations. Since in real
ity the inertia force at each concentrated mass varies with time, depending
on the interaction between the real dynamic excitation and the dynamic char
acteristics of the building, the simulation of the actual inertia forces by
simple static forces is a very difficult problem. One possible solution is
to simulate what can be considered the critical combination of inertia for
ces that can be developed at a certain time. Rational selection of this



critical combination requires integrated analytical and exerimental studies
(e.g., the PCA investigation reported in [24,28,30]), because it will vary
depending on what one is interested in studying. Further, even if a ration
al combination of inertia forces can be selected, the problem of how to vary
the magnitude of these forces still remains, since the behavior of rein
forced concrete is very sensitive to the loading path. This problem has
usually been solved by adopting arbitrarily selected load sequences. In
spite of these shortcomings, however, tests of structures and structural
models under pseudo-static loading have yielded much valuable information.

Another approach which has proved useful, attempts to predict the re
sponse of a complete structural system from results obtained in studies of
its structural elements. Concerning this approach, Newmark and Hall [42]
have commented: "The strength of the combined system, the damping in it and
the mode of failure can in some cases be inferred from the properties of the
individual element; however, these members interact on one another in a com
plex way and in different ways for different types and directions of load
ing, and the interaction is a problem which must be taken into account in
detail much more accurately than has been the case in the past if adequate
1atera1 res i stance to dynami c forces is to be ach ieved. "

Bertero [41] has presented a thorough review of experimental studies
that have been carried out on the behavior of reinforced, prestressed and
partially prestressed concrete structures and their elements. Such studies
will be analyzed under topics VII, VIII and X of this workshop. The predic
tion of earthquake performance of concrete structural systems need not,
therefore, be discussed any further in this report.

PRESTRESSED (INCLUDING PRECAST) CONCRETE SYSTEMS

Prestressed concrete is seldom used in primary resistant structures
against repeated loading conditions as severe as those expected to be caused
by major earthquakes [9]. The principal reason for this has been the short
age of experimental evidence on the behavior of prestressed concrete members
and member assemblies under such loading conditions. Prestressed elements,
when utilized, have been used in conjunction with conventional frame, wall
and frame-wall systems. Very often, only certain elements in the systems
have been prestressed. Both cast-in-place and precast prestressed elements
have been used. Precast wall and slab elements (mostly prestressed, occa
sionally conventionally reinforced) have been used in a structural system
equivalent to, yet different in some respects from, the conventional cast
in-place wall construction--the so-called Large Panel structural system. A
particular variation of this type of construction, the box-type structure,
is fairly extensively used for low-rise buildings. Neither the available
ductility nor the energy dissipating mechanism in this structural type has
been fUlly explored as yet.

Prestressed concrete structures in general and precast structures in
particular will be discussed under topics IX.1 and IX.2, respectively, of
this workshop. Thus, the treatment here is limited to a few general remarks
pointing out a number of features peculiar to prestressed (including
precast) concrete.
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Blakeley [43] has produced a comprehensive historical review of the
seismic resistance of prestressed concrete structures and structural ele
ments. According to him, most structures containing prestressed elements
which have been subjected to earthquakes have performed well. Failures
which have occurred appear to have been due mainly to failure of the sup
porting structure or of the connections. However, there is relatively lit
tle information on the behavior of fully framed prestressed concrete struc
tures under strong earthquakes. The recent Romanian earthquake was the
first in an area with a large number of precast structures (up to 9 stories
high), and they performed well [44]. However, their response to this earth
quake was mostly within the elastic range, making it difficult to reach an
assessment as to their seismic resistance. For precast structures, the
methods of joinery and their reserve strength and ductility present diffi
culties not always encountered in poured-in- place concrete [45]. These
problems assume prime importance in the design of such structures.

Based on the experimental and analytical studies reviewed by him,
Blakeley [43] has pointed out that:

1. Although the energy absorbed by a prestressed concrete member
could be the same as or even larger than that absorbed by a similar rein
forced concrete member, the greater elastic recovery of the prestressed
member will result in a lower energy dissipation for cyclic loading. This
is a drawback in seismic design. However, little is known of the energy
dissipation capacity of prestressed members under high-intensity cyclic
loading. The energy dissipation would be greater for partially prestressed
members once the mild steel yields, but the joints of such members present
particular difficulties for precast construction.

2. Because of the lower energy dissipation capacity, and also be-
cause of the lower damping applicable to prestressed concrete relative to
reinforced concrete, as observed in tests, a prestressed concrete structure
is likely to suffer greater deformations or be called upon to resist higher
forces under most strong earthquakes than a reinforced concrete structure of
comparable mass and stiffness. A point in favor of prestressed concrete is
that, to resist a given set of forces, a prestressed structure is normally
considerably more flexible than its reinforced counterpart. This is a
desirable feature for seismic resistance and partly counteracts the effect
of the smaller energy dissipation under cyclic loading.

Spencer [46] studied the nonlinear dynamic responses to a strong
earthquake (first 8 sec. of the N-S component of the 1940 E1 Centro record)
of two reinforced and six prestressed concrete versions of a 20-story frame
structure. An idealized bilinear moment-rotation hysteresis loop for the
prestressed members was used. The prestressed structures were found to
undergo higher lateral displacements and interstory drifts than the compar
able reinforced concrete structures. However, the sectional ductility
requirements of the prestressed structures were markedly lower. Studies
directed toward confirmation and generalization of Spencer's observations
would be most useful.

Further research is also needed in the following areas: damping tests
of prestressed concrete structures; high intensity cyclic loading tests of
prestressed concrete members and their connections.



CONCLUDING REMARKS

1. Experience in the earthquakes of the last 15 years has shown that
both protection of human life and superior damage control can be attained in
buildings stiffened by properly proportioned and detailed structural walls.

2. The incompatibility of flexible frames with brittle infills and
fin ishes caused high economi c damage to "nonstructura1" bu ildi ng components
in many earthquakes.

3. The effects of rigid elements on the seismic performance of struc
tures make it imperative that proper account be taken of such elements in
design. In reality, there are hardly any nonstructura1 elements, unless
they are deliberately and carefully isolated from the structure itself. All
elements attached to the structure and strained during the earthquake
participate in the seismic resistance.

The discussion presented so far in this report points to the need for
further research in a number of areas:

A. Integrated analytical and experimental research must be carried
out in order to lay a basis for the safe and efficient design of the three
basic framing systems - frames, structural walls and frame-wall systems.

Dynamic inelastic analyses are needed to arrive at reasonable estimates
of the strength (with particular reference to shear) and deformabi1ity
requirements in critical regions of the framing systems, corresponding to
different combinations of significant structural and ground motion para
meters. The ground motion parameters of concern are the intensity, the
duration and the frequency characteristics of the excitation. The input
motions to be used in dynamic analyses should be selected such that, for a
particular intensity and duration, the frequency characteristics induce
critical (near resonant) excitation in a structure in both the elastic and
the post-yield stages of its response. This would normally require the use
of a number of input motions in the analysis of the same structure.

Experiments are required to determine the minimum strength (again with
particular reference to shear) and deformation capacities available in
properly proportioned and detailed segments of the framing systems. The
most promising experimental approach at the present time appears to be the
testing of actual structures or large-scale models under equivalent pseudo
static forces intended to induce effects similar to those of real dynamic
excitations. Particular attention must be paid to the selection of the
appropriate combination and sequence of variation of the equivalent pseudo
stat i c forces.

B. Experimental research is needed to establish force-deformation
characteristics for all nonstructural elements incorporated into
earthquake-resistant bUildings, under appropriate repeatedly variable load
combinations. On the basis of the data generated, rational limitations must
be established on allowable interstory distortions. The allowable limits
must be tied in some way to the intensity of the input motion.

Rational limits must also be established on the overall lateral
deflection or drift. The prime consideration here is the stability of a
structure under the action of gravity loads, when displacements are large.
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The above research must be coupled with analytical studies employing
dynamic inelastic analyses, leading to results such as those illustrated in
Fig. 10. It would then be possible to translate drift and interstory drift
limitations into allowable upper limits on the structural fundamental period
(or lower limits on the overall flexural stiffness).

C. In order to establish the suitability of prestressed concrete for
use in primary resistant structures against earthquakes, research needs to
be carried out in the following areas: a) nonlinear seismic analyses of
prestressed concrete structures, b) high-intensity cyclic loading tests of
prestressed concrete members, their connections and subassemblages, and
c) tests to establish differences in damping characteristics between
reinforced and prestressed concrete.

D. Research should be directed to developing the full potential of
the special devices and mechanisms which seek to reduce the forces induced
in a structure by earthquake ground motions. Reliability studies in the
form of earthquake simulator tests on large-scale models of these devices
must playa prominent role in such research.

The above items are listed in the order of priorities the authors
attach to the various research needs.
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In the soft story concept a shock-absorbing "soft story" is introduced at the
base of the building to isolate it from seismic excitations. Typically the
soft story has a bilinear force-displacement characteristic with a rigid re
sponse for wind forces and very elastic (soft) response for the stronger seis
mic forces. In an earthquake, damage is confined to the soft story. The
concept was first described by Fintel and Khan in 1969 (1). The first actual
application of this concept was in the St. Joseph Hospital. The structure was
completed and occupied in 1973.

The structure is comprised of three distinct sections. Figure 1. At the base
there is a large two-story building housing the hospital administration and
special services. This is waffle slab, beam and column construction with
shear walls around the perimeter and at the central core.

The tower, which is 9 stories high, is basically circular in plan, has 15-inch
flat plate floors, 10-inch exterior walls and 8-inch interior core walls. The
amount of walls and the undulating shape of the exterior walls make the tower
very rigid. Figure 2.

Separating the tower from the base unit is a 36-foot high plaza story, the
central core of which houses a 2-story mechanical space. There are no shear
walls in the plaza section; the tower is supported by sixteen 36-inch diameter
spirally reinforced columns and twenty-four columns of various sizes around
the elevators and stairs.

This high plaza story affords an ideal place for a shock-absorbing soft story.
The stiff portion of the bilinear force-displacement response is provided by
the columns. After the columns yield, the energy is absorbed by the diagonal
"braces" made of stress-relieved seven wire 270K strands. The yield level and
elongation capacity of prestressing strands are ideal for energy absorption.
There are 16 sets of "braces," 4 pairs in the N-S direction and 4 pairs in the
E-W direction. They are located between the columns surrounding the stairs and
elevators' in the core. Figures 3 and 4.



DESIGN PROCEDURE

An outline of the design of the energy absorbing soft story is as follows:

1. A code seismic design was carried out and shear force determined for the
level at the top of the soft story. Vu = 1.4 V. Using this force, the
strand in the tendons was designed.

2. The columns were designed for 1.4 lD+L+E) + 25% of the code shear from
1, using ~ = 0.75. The yield moment of the columns was found using the
column interaction diagrams, for 1.0 (D+L) using 0 = 1.0 and the yield
shear force was calculated.

3. The effect on the columns of the vertical force multiplied by the hori
zontal deflection (P x lI) was calculated and resolved into a horizontal
force.

4. Using the forces and deflections from above, the force/deflection dia
grams were drawn for the columns, the tendons and the P-ll effect. See
Figure 5.

5. The single diagrams were then added to produce the force/deflection dia
gram for the building. See Figure 6.

This diagram shows that the columns will yield shortly after the forces
for a code earthquake have been exceeded. The strands will then carry
on absorbing the energy produced. Note that the strands absorb the
energy within their elastic range.

DYNAMIC REVIEW

The structure was analyzed for nine different earthquakes: N-S component of
1940 El Centro, and eight simulated earthquakes developed at California
Institute of Technology (2). The simulated earthquakes are intended to repre
sent various intensity quakes ranging from a Richter 8 earthquake to a magni
tude 5 earthquake.

The structure was idealized as a one degree of freedom system. Figure 7. The
upper floors were considered infinitely stiff relative to the first story.
The actual bilinear force-displacement curve of the soft story was used in the
analysis. Figure 8.

The response of the structure is given in Figures 9 and 10. From these, two
conclusions can be drawn:

1. The structure is highly resistant to earthquake motion due to its large
capacity of energy absorption.

2. Direct comparison of the maximum response of the structure to earthquakes
of different intensities -- El Centro, A-I. A-2, and B-1 ~- indicates that
the response is insensitive to the intensity of the earthquake due to the
large capacity for absorbing energy.
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WORKSHOP ON EARTHQUAKE-RESISTANT REINFORCED

CONCRETE BUILDING CONSTRUCTION (ERCBC)
University of California, Berkeley, July 11-15. 1977

THE l8-STORIED. SHIINAMACHI BUILDING

Cast-in-Field Reinforced Concrete Systems
discussed by

Nobutsugu OHMORI
Senior Research Engineer

KAJlMA Institute of Construction Technology

INTRODUCTION

Both Tokachi-Oki(1968 Japan) and San Fernando (1971 U.S.A.) Earthquakes
revealed the defect of reinforced concrete structures. The earthquake resist
ant capacity must be estimated by the combination of strength and ductility
in DMRF (Ductile Moment Resisting Frame). These two factors are introduced in
"The Aseismic Capacity Evaluation of Existing Low-Rise .Relnforced Concrete
Buildings"[l] and in "Newly Proposed Earthquake Resistant Design"[2] issued
from the Ministry of Construction of Japan, 1977.

It was discovered after the Tokachi-Oki Earthquake that RC columns whose
lateral reinforcements consist of only hoops did not maintain as much effi
cient deformability and ductility as those with spirals or additional cross
ties did. The fact is due to the difference of confinement effect of core
concrete and longitudinal bars of columns.

This paper deals with the test results of columns with effective trans
verse reinforcement arrangements which enabled the design and construction of
high-rise concrete building (18 stories) for the first time in Japan.

REVIEW OF THE RECENT WORKS

Soon after the San Fernando Earthquake, H.Aoyama et al [3] tested spiral
columns and showed that the spiral reinforcement was very effective in acting
as confinement and web reinforcement, and that the column owed its success to
confinement even though the confined core concrete had completely crumbled.

The most eminent research works in the field of how to improve the duc
tility of reinforced concrete columns are the national projects in Japan [4]
carried out by the committee sponsored by the Building Research Institute of
Construction Ministry in cooperation with many universities and research ins
titutes of construction companies.

The failure modes and factors which affect ductility under cyclic loads
are studied and the following conclusion is derived from 125 short columns
tests. As the factors which control ductility of columns, buckling of compres
sion reinforcements, shear failure and bond failure are considered important.
To prevent compression reinforciments buckling until large deflection of col
umn, it will be effective to keep spacing of web reinforcements less than 8
times diameter of the axial reinforcements. There are certain conditions for
the combination of tensile reinforcement ratio p, compressive stress a and
shear arm to depth ratio Mc/QD where shear compression failure cannot be avoi
ded even with much web reinforcements. This condition could not be made so
apparent, but Eq.(8) is considered to be one approach. It seems effective to
keep the flexure capacity within about 1.4 times the initial bond-split crack
ing load shown by Eq.(8). It is not effective to increase rectangular type
hoops but it will be effective to put spiral hoops closely.

~ + 6 Xn ~ 3 (8)
cat D



where, tensile principal stress
tensile strength of concrete
distance from neutral axis to compression fiber

column depth
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From the most recent paper of the same committee it is reported [5] that
columns whose tensile reinforcement ratio is less than 0.6 % showed ductile
behavior. Those columns of welded hoop or rectangular spiral hoop with subties·
are also ductile even under high axial stress (o/ft = 0.33). And that the eff
ective transverse reinforcement arrangement improved the ductility of short
columns (M/QD=l) with the same amount of shear reinforcement ratio. Supple
mentary ties with welded or spiral hoops which are continuous and closed help
very much in improving ductility, and at the same time they contribute to pre
venting bond-splitting along tensile bars.

The double spiral hoop specimens were studied by T. Shimazu [6] and it is
reported from 26 short columns tests that the maximum load of the double spir
al column is much higher than that of conventional hooped columns. The hyste
resis loop of load-deflection curve, too, is much more stabilized even at
large deflections.

RESEARCHES AND DEVELOPMENTS IN KICT
(Kajima Institute of Construction Technology)

As is a matter of common practice in Japan, buildings with pure reinfor
ced concrete (RC) structure are not regarded as safe enough against earthquake
forces .as those with steel (S) or steel composite reinforced concrete (SRC)
structure. In order to construct a rational high-rise building with pure RC
the KICT had to conquer many disadvantages that lied in the design and field
work of reinforced concrete structure. Therefore, it was necessary to .estab
lish aseismic criteria for the structural design. The safety of the designed
structure had to be confirmed with full accuracy both by structural experi
ments and dynamic analysis. The former part of this chapter discusses the
experimental findings on aseismic RC structures, whereas the latter part
reports on the earthquake resistant design of the 18 storied Shiinamachi
Building which is the tallest RC structure in Japan.

Experimental Findings

Comparison of Transverse Reinforcement Types--As the first step, columns
with three types of lateral reinforcements as shown in Fig. 1 were tested
with three levels of reinforcement ratio [7]. The difference of ductility of
these columns was obvious and their restoring force ratio is shown in Fig. 2
under cyclic reversals at the deflection angle of 1/100. Thus the hooped co
lumns lose their load-bearing capacity after a few cyclic loadings. On the
other hand tied or spiral columns maintain their capacity.

Newly Developed Transverse Reinforcements--Although structural experi
ments testified to the efficiency of tied columns, they have a few difficul
ties in time of construction. It is, therefore, hoped to look for rational
and more workable reinforcements for columns, and the combination type of
spiral and hoop reinforcements was developed [8]. This reinforcement arrange
ment was named as KS type. It showed ductile behavior similar to tied column.
It was just after these test had been completed when the quake hit San Fer
nando in California. Then, KS type columns were tested in the same procedure
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and in the same testing apparatus as the national projects of Japan [4] in
order to be compared with other reinforcement types as shown in Fig. 3. And
here again KS type columns showed the most ductile behavior as in Fig. 4, and
the next were T type (subtie) columns and spiral columns under the same rein
forcement ratio [9],[10].

Beam-Column Joints (Exterior Column)--Among many construction works of
~he RC structure, reinforcing bar assembling is one of the most predominant
that governs the whole construction periods. It was, therefore, proposed to
assemble previously the reinforcing bars on the ground. So it is eventually
indispensable to use simplified details bf the beam-column joints including
anchorage of beam bars. Four types of anchorage system for beam-column joint
of outer column were tested as shown in Figs. 5 and 6. The test results indi
cate that newly developed anchor types can assure strength, stiffness and duc
tility enough to be compared with the conventional type as shown in Fig.7 [11].

Reinforcement at Beam-Column Joint (Interior Column)--In order to avoid
the complex assemblage of reinforcing bars at beam-column joint portion, it
was necessary to look for an adequate and suitable shear reinforcement. If
simpler and sparser arrangement of steel bars were proved enough to sustain
earthquake forces, a large amount of labour would be saved.

Four types of shear .reinforcement arrangement applicable to beam-column
joint portion were tested as shown in Figs. 8 and 9. Here, unlike in the case
of column specimen, 'A' type (hoop alone) could sustain quake forces up to
2/100 deflection angles or more. It was thought that this behavior owed to
the confinement effect by re-bars and concrete of beams jointing transversely
at the joint.

Splices of Large Size Re-Bars--The use of large size re-bars can simpli
fy the structural details and make the labour work easier. Splices of large
size bars over 35 mm in diameter were not achieved yet in Japan, although
they are widely used in the world. Some tests of Cadweld joint were performed
and the the official approval of building bureau of Japan was obtained.

Structural Design of Shiinamachi Apartment House

Aseismic Desigh Criteria--Basic criteria of earthquake resistant design
were established classifying earthquake intensities into three classes, and
regulating the response of the building or. degree of damage as follows:

Class I Moderate earthquake
(approx. O.lG)

Class II Severe earthquake
(approx. 0.3G)

Class III Worst earthquake
(approx. O.5G)

No structural damages

No parts of building structure reach
yield stress level
Slight entry into the plastic range
is allowed but the structural members
never collapse

Outline of the Building--The building is of 18 stories, 49 meters high,
3 spans for transverse and 8 spans for longitudinal framing with typical floor
of 13.5 x 24 square meters as sho.m in Fig. 10 (a). The building structure is
designed to be composed of open frames. Additional shear wall is arranged at
the basement.

Columns are all 60 cm square of KS type shear reinforcement whose ratio
ranged from 0.75 to 1.20 % determined from the various experiments as in Fig.



10 (c). Beams are 60 cm in depth with 35, 40 and 45 cm in width as in Fig. 10
(d). A stirrup tie used for longitudinal beam is unprecedentedly to be formed
by placing U shaped reinforcing bar. After placing bottom longitudinal rein
forcements on the U-bars a reinforcement cage of transverse beam is set as
shown in Fig. 10 (e), and the top longitudinal bars of longitudinal beam are
placed upon it. Main re-bars of longitudinal beams are anchored by developed
plate anchorages as shown in Fig. 10 (f).

The stirrup tie for transverse beam is shaped into conventional closed
type in the preassembling stage on the ground and the anchorage of main re
bars are continuous U-anchorage type. To give ductility, it is indispensable
that shear strength of each member surpasses the binding one. Yield shear
force of each story is, therefore, determined as the sum of column shear
transformed from the bending moment. The yield shear coefficient at the first
floor level is found to be 0.35 after nonlinear frame analysis.

Post-tension pre-stressing is introduced in high strength steel placed
at the center of outer columns below 5th floor as denoted PC-BAR in Fig. 10
(b) in order to reduce the tensile cracking stress of column concrete by
overturning moment, although the resistance to quake shear force is preserv
ed by the rest of the columns.

Safety Confirmation by Structural Experiments--As the project was the
first of this kind in Japan in which a tall building was constructed with pure
RC structure, several structural experiments were performed. Those included 2
series of tests on the columns and a test on the interior framing subassemb
lage.

Through former column tests, the effect of Cadweld joint in a column was
comparatively investigared with the unspliced column. Effects of pre-stressing
of outer columns were also observed and load-bearing capacity of column subje
cted to tensile force was proved to maintain to some extent without signifi
cant failure. Test specimen and one of the test results are shown in Fig. 11.
Here in the test procefure, the axial force N was proportionally changed to
the horizontal shear force V (N/V=ll, V=P/2, P:jack load).

Fig. 12 shows an outline of the test on the subassemblage specimen picked
out of longitudinal interior framing at fourth story level. By applying load
to the beam as well as constant axial load to the column, earthquake forces
are produced in each member of the subassemblage. Loading to the beam was al
ternately repeated ten times at the distortion of 1/100 deflection angle of
column, then gradually increased up to 5/100. From the deflection curve, a
decrease of load bearing capacity after 10 cucles of loading with story drift
of 1/100 deflection angle is only 15 % or less. At the maxumum loading level
defined by ultimate moment of beam, strain of shear reinforcing bar is half
of the yield limit. It is observed that the test specimen has sufficient duc
tility under large story drift of 5/100, and that there are no structural
defects along the construction joint.

Safety Confirmation by Earthquake Response Analysis--Dealing with a com
plicated dynamic behavior of the building structure accompanied by cracking
and yielding, and idealized vibration model with lumped mass is established.
As shown in Fig. 13, the vibration model is assumed to have two kinds of
stiffness. One is shearing stiffness which is concerned with each deflection
of framing members, while the other is bending stiffness which is due to to
tal or whole bending of the framing. Shear stiffness is calculated and assum
ed to have nonlinear degraing property as shown in Fig. 14. Bending defor
mation is much smaller than shearing one, and the stiffness is assumed to

759



760

remain elastic.
Supposing the building structure is fixed on the first floor, funda

mental vibration periods in fully elastic range are 0.81 and 0.95 seconds
in longitudinal and in transverse direction respectively. In accordance
with the aseismic criteria, maximum response values are studied by several
input earthquakes such as El Centro 1940 NS, Taft 1952 EW, Tokyo 1956 NS
and Sendai 1962 NS whose maximum intensities of ground motion are 0.1, 0.3
and 0.5 G. Fig. 15 shows one of these response data.

Innovation in the Construction--Two biggest problems, time and quality,
were to be solved before the actual execution of construction of"high-i,ise
reinforced concrete building. A new method of prefabricating and assembling
reinforcing bars on the ground was introduced to save time. And their joints
were innovated together with lap and gas-welding joint as well as Cadweld
method. Also, the formwork was developed by using large panels. Each of the
large formwork units covers an area of 12 x 3.4 m2 and weighs approximately
3.5 tons.

Concrete strength was confirmed for the purpose of three objects in the
testing laboratory set up on the site.

a) Confirmation of the strength for the formworks removal
b) Assurance of designed strength of structural concrete
c) Quality control of fresh concrete

The formworks are decided to be removed or not after a compressive strength
test has been finished. Testing many cylindrical specimens, the structural
strength of each member was also confirmed. Results of the testing showed
least fractuation in desired properties.

Summary--As the starting point to an approach of earthquake resistant
design of a tall building with pure RC structure, large scale specimens were
tested in order to look for improved methods for aseismic members. It was re
cognized that the available ductility is controlled not only by ratio of
shear reinforcement but also their placing types. Thus, the RC structure was
successfully designed which deserves the name of DUCTILE MOMENT RESISTING
SPACE FRAME.

The maximum ductility requirement against the most dangerous earthquake
with 0.5 G was less than 1.7, which means that the aseismic quality of the
building far exceeds seismec criteria. It is concluded, therefore, that the
design procedures of this 18 story building lead to rather conservative
results. These results are, however,attributed to the fact that this was
the first time in Japan in which a tall building was constructed with pure
RC structure.

ADVANCED INTERESTS IN REINFORCED CONCRETE STRUCTURES

Findings from Studies on Slitted Shear Walls [11]

Slitted wall has vertical slits at certain intervals at mid-height
of a wall as shown in Fig. 16 (a). These slits are complete breaks not
only in concrete but also in reinforcements so as to change the shear
wall to a series of flexural wall-columns.

When the slitted wall is subjected to earthquake forces and story
displacement, and when its sway deflection becomes large, fine tensile
cracks become noticeable at each slit end as shown in Fig. 16 (b).
Thus, the slitted wall terids to swell with crack development in plastic



range, by which the wall-columns of slitted walls are confined in two di
rections--horizontally and vertically.

The change of vertical restraining stress a with increasing average
shear stress T is analyzed by FEM and is shown iR Fig. 16 (c) altogether with
the experimental results. This vertical stress a is proportional to the LID
ratio as in Eq.(l), Land D being the length andndepth of a wall-column
respectively.
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L 
q'JD.T (1)

Eq. (1) suggests that the additional confining stress an is large in such short
columns as in wall-columns of slitted wall.

Findings from RC Short Columns Tests

Many reinforced concrete short columns were tested by the National Pro
ject Committee in Japan [4]. The author's group found interests in the confin
ing effect by lateral reinforcements. It is quite appropriate to consider that
if the confinement by lateral reinforcing bars is sufficient and effective the
strain in them may increase in plastic range. And that a large amount of
shortening in column length may occur when the confinement is poor, because
the core concrete swells horizontally after cracking.

From the analysis of the shortening phenomenon of columns it is concluded
that if the more confinement is given by bar cages or baskets, the larger duc
tility may be obtained with less shortening of columns. The confining effect
derived from strain measurements in lateral reinforcements of 5B Series in Fig.
4 is shown in Fig. 17, where k is the confining coefficient given by Eq.(2) [5].

k (2)

where, A is the constant given by the lateral reinforceing arrangement types,
V shear force, and £ 11' E ,A and s are the strain, Young's Modulus of
elasticity, cross-se~fronal ~reasand spacing of lateral reinforcement, respec
tively.

RECOMMENDATIONS FOR FUTURE STUDIES

(1) Design Procedure of Lateral Reinforcements of Columns

New design procedure of lateral reinforcements in ductile columns should
be established taking into account of the confining basket effect by them. To
arrive at the final objective, confinement in inelastic range should be stud
ied on their arrangement types, compression intensities, shear arm to depth
ratio, and reinforcement ratio etc.

(2) Studies on the Change of Compressive Stress Induced by Earthquakes

From the studies so far conducted by RICT it may be anticipated that the
collapse of reinforced concrete short columns are due not only to their small
shear arm to depth ratio but also to a larger additional compression which may
be induced in them after cracking by sway deflection, because the upward
swelling of columns is restrained by the weight of the building. Such a dynam
ic force to raise the upper floors up by sway deflection might be very large.

This additional compression will increase the flexural ultimate strength
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and may surpass the shear capacity of short columns in low-rise buildings.
So the up and down movement of each floor level should be studied from dynamic
simulated tests of short columns structure.
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Fig. 11 Load-Deflection Curve
of Prestressed Exterior Column
No.1 Compared with No-Prestressed
Specimen No.2

. __.......... -_....- ...
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WORKSHOP ON EARTHQUAKE-RESISTANT REINFORCED

CONCRETE BUILDING CONSTRUCTION (ERCBC)
University of California, Berkeley, July 11-15, 1977

STATE OF THE ART OF PRECAST CONCRETE TECHNIQUE IN JAPAN

by

Akio IKEDA, Toshio YAMADA, Soichi KAWAMURA, Shyunji FUJII
Chief Engineer, Senior Staff Engineer, Staff Engineer, Engineer
Technical Development Department, TAISEI CORPORATION, JAPAN

SYNOPSIS

This report introduces the state of the art of precast concrete tech
nique in Japan. In the first part the history of precast concrete structure
is described from the beginning in 1950's up to date with social and econom
ic background. In the second part is introduced a new building system devel
oped by the authors which can be called "Composite Structure". It is com
posed of precast concrete unit elements and cast in-situ parts, and at the
same time it is reinforced concrete in the longitudinal direction and steel
reinforced concrete in the transverse direction. In concluding remarks
specific problems yet to be investigated are lined-up and the future style
of the effective usage of precast concrete technique is commented though it
may not be world-wide applicable.

THE HISTORY OF PRECAST CONCRETE STRUCTURE IN JAPAN

To make clear the technical movement of precast
is necessary to understand its history in relation to
ic background. As is well known, Japan has extremely
lation. At present her total area is 370,000km2,'70%
area, and her total population is about 113 million.
concentrates in big cities, so the population density
high: for example more than 1,000 persons per hectare
wards of Tokyo.

concrete structure, it
the social and econom
high density of popu
of which is mountain
Most of the population
of urban area is very
(10,000 m2)in some

To accomodate such a large and highly dense population a large number
of housings should be supplied. Prefabricated structure has been expected
and utilized to satisfy the needs based on its capability of mass production.
The prefabricated structure in Japan has made technical progress from low-rise
housing to high-rise one and its quality has been improved, attaining the
technical requirements of earthquake resistance and fireproofness which are
indispensable for the structure built in high seismicity zone.

Development of Low-rise Prefabricated Housings

One of the most urgently needed works to be done in the destroyed coun
try after World War II is to build a large number of housings. It was neces
sary to adopt the industrialized method instead of manufacturing method in
production of housings to meet the needs. The first prefabricated housing
was made of standardized wooden panels and its was called "PREMOS". More
than 1,000 PREMOS' s were built, but cheaper and lower-quality housings bui-lt
by conventional method prevailed. Hereafter housings built of factory-made
concrete blocks came into vogue on account of its easiness of handling,
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Two Storied Apartment HouseFig.l

though they are not necessa
rily satisfactory in their
earthquake resistant capabi
lity and waterproofness.

In 1955 Japan Rousing
corporation (J.R.C.) was
founded with the object to
supply enough housings and
housing lots to laborers suf
fering from the want of hous
ing. Studies were conducted
systematically to build fire
proof multiple housings more
cheaply, more quickly and
with higher quality. In the
following decade industriali
zation of construction was
carried out by J.R.C. in co
operation with Building Re
search Institute of Minis
try of Construction and com
panies like TAISEI CRPORATION.
The developed methods were
light-gauged steel structure
and precast concrete walled
structure, both of which
were built in trial in the
form of two storied terrace
house as shown in Fig.l.
The building method of the
precast concrete walled
structure is called "Tilt-up
Method" generally, and the
structure is built by tilting-up and jointing precast concrete panels on
site. The most important technical key-point of this method was to establish
the structural reliability and good workability of joints between precast
concrete panels as well as the quality and cost control of precast panels.
For this purpose various kinds of experiments were carried out to examine
the behavior of horizontal and vertical joints under loading. The joint
method in early stage was wet joint both in horizontal and vertical section,
casting concrete or mortar into joints after setting up panels. Dynamic
tests were also carried out vibrating a full-scale two storied specimen by
large vibration-generator to ascertain the structural characteristics of the
building as a whole. In 1958 several hundreds of multiple housings were
built in the suburbs of Tokyo as the trial of mass production of low-rise
precast concrete housings, and research was done on the technical and econom
ic effects. On the other hand research and development was conducted on in
dependent housings.

Such technical results were edited into "Reconunendations for the Design
of Special Concrete Structures" issued from Architectural Institute of Japan
(A. 1.J.) .
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Extension to Middle-rise Housings

to extend the construction techniques of
then into the much more storied housings for

~
_. ---14,280--- --l
---7,140----r-- 7,14Q-- .

-5,995-- T 2,290,--5,995-
, I I I
I I i I

D2S

II~

DII

INTERIOR CORNER

VERTICAL JOINT

[J

BED ROOM

HORIZONTAL JOINT

D

Fig.2 Five Storied Apartment House

is shown in Fig.2.

II
I 0

'"'<t-
O)

Joint methods were
improved. Dry joint was
proposed for the horizontal
joints in addition to wet
joint.

In 1960's it was intended
low-rise housings piled-up till
the sake of high utility of
the small land. At first
four-storied building was
planned. For this purpose
testing facility named
"Strong Room" was built to
do static loading tests of
full-scale specimens. Also
in the field static and
dynamic loading tests were
carried out on full-scale
four storied specimens.

In 1962 the first
four-storied apartmenthouse
made of precast concrete
was built. After this in
1965 "Reconnnendations for
the Design of Walled Pre
cast Concrete Structures"
intended for the four
storied building was
published from A.I.J ..
In this year a five-storied
precast concrete house was
realized already and a pre
stressed four-storied wall
ed precast concrete house
was also built. At last in
1971 "Design Guide for the
Walled Precast Reinforced
Concrete Five-storied Apart
menthouses" was announced
by building Center of Japan
(B.C.J.). A typical exam-
ple of five-storied apartmenthouse

Realization of High-rise Housings

Population concentration into big cities in accordance with economic
development has caused the upheaval of land cost, so that the housings in
this area were obliged to be built much more densely and highly. On the
other hand the shortage of laborer in the highly growing economy inevitably
strengthened the direction of abbreviation of labor also in the construction



industries. With these backgrounds industrialization of construction became
important.

Under such circumstances "Competition of the Technological !Proposals
for Pilot House" was carried out in 1970 and 1971 under the co-auspices of
Ministry of Construction (M.C.), Ministry of Industry and International
Trade and B.C.J •• Again in 1973 and 1974 "Project for Ashiyahama High-rise
Apartmenthouse by Industrialized Techniques" was carried out under the co
auspices of M.C., Hyogo Prefecture, Ashiya City, J.H.C., Hyogo Housing
Supply Corporation and B.C.J •• Many new technical proposals were done in
these programs.
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The representative
structural techniques which
have enabled the high-rise
precast concrete apartment
house are H.P.C. technique,
walled precast concrete tech
nique, R.P.C. technique and
P.S. technique. H.P.C. tech
nique uses H-shaped rolled
steel in columns and beams,
setting precast concrete
walls and slabs into or onto
the frame.

_ ~'" crm COWM,

l' CAST _IN-SITU CONCRETE

SECfICN A - A

Table 1 Joint Methods of Bars

Type Method

Welding Pressure Welding
Arc welding
Bundling
Wedging

Mechanical Screw

Sleeve Grip
Explosion
Filling-up

(3) LONGITUDINAL PRECAST CONCRETE WALL
WITH H-ROLLED STEEL BEAM

/
";}~~~~/ (1) H-ROLLED

./ / STEEL COLUMN

(2) TRANSVERSE

PR ECAST CONCR ETE WA LL

FLOOR SLAB (CAST IN-SITU)

NOTE: Numbers indicate the construction order

Fig.3 H.P.C. Technique
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AXIAL REINFORCING BAR
OF WALL-eOLUMN

BALCONY SLAB

LONGITUDINAL WALLED FRAME

"

SLAB

CORRIDOR SLAB

TRANSVERSE
BOROER WALL

LONGITUDINAL
WALLED FRAME Ie

OUTDOOR HANDRAIL UNIT

Fig.4 Walled Precast Reinforced Concrete Technique

T-SHAPED BEAM-COLUMN UNIT

BEAM

STAY FOR ERECTION

NOTE: Numbers indicate the construction order

Fig.5 R.P.C. Technique



It is intended for more than 10 storied
buildings. Fig.3 shows the schematic view
of this method. Walled precast reinforced
concrete technique is the method to build
7-15 storied structures by assembling
large~sized precast concrete wall panels
and slab panels. In general the longitudi
nal and the transverse directions are com
posed of walled frames and shear walls re
spectively. Fig.4 shows its scheme. R.P.
C. technique has been projected mainly for
11-14 storied frame-type precast reinforc
ed concrete structures by assembling pre
cas t columns, beams and slabs as shown in
Fig.5. P.S. technique has been adopted for
7-10 storied walled or framed structures.

The reinforcing bars should be con
nected firmly to each other in the joints
of precast reinforced concrete members in
case both of walled and framed structures.
The joint methods of bars already develop
ed count nearly 50 in all, largely grouped
into welding type and mechanical type as
shown in Table 1. Photo 1 Curtain Wall
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Fig.6 Independent House (PALCON)
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Besides the usage of precast concrete members as main structural com
ponents mentioned previously, they can be used for non-structural elements
such as curtain-walls as shown in Photo 1.

Present Status

Oilshock in 1973 has pushed the declining world economy deep into the
depression and strengthened the embarrassing status of stagflation (price
upheaval under depression) which has never been experienced. At the same
time in Japan the problems of pollution and/or environmental destruction
caused by large scale development projects had been socially taken up, and
from such a point of view there was growing the atmosphere of reflection
against the large scale development.

Till then large scale development of housing lots and construction of
gathered housings had been done for the purpose of housing supply in large
amount. Precast concrete structures had also been developed and improved
chiefly to meet such concentrated needs for housings. However according as
such large scale developments disappear in the economic and social conditions
described previously, there generated surplus of labor and cost of trans
portation increased severely. It is unprofitable for precast concrete struc
tures, and conventional cast in-situ method has come to take part instead.

BASE PLATE"

HIGH-TENSILE BOLT

SPLIT TEE,

Fig.? Small or Middle-size Shop (PAL-SHOP)



Though in such a condition, the merits of a precast concrete structure
could rather be clarified: reliable quality control, short time of works on
site, scarce possibility of environmental trouble by noise and/or dust, and
effective utilization of limited sites in densely inhabited areas. The prob
lem is how to attain the cost reduction in production. For this purpose
mass-production is indispensable. Up to date the precast technique has been
applied mainly to housings including private houses as shown in Fig.6.
However recently middle or small size shops, school facilities and govern
ment offices have attracted notice, which are large in number and have simi
lar plans and dimensions. There isa movement to sum up such dispersed de
mands into mass-production. In Fig.7 is shown a skillful example of struc
ture with light-gauged steel and precast concrete panels, which is used for
middle or small-size shops.

In 1975 and 1976 "Competition of Technical Proposals for G.S.K. System
(School Facilities Construction System)" was carried out aiming at the qual
ity improvement, cost reduction, time saving., development of common members
and parts and encouraging the local industries. This system separates a
building into eight sub-systems on the idea .of open system which makes us
possible to build a structure assembling various kinds of parts selected in
a market. The sub-systems are structure, exterior wall, roof, partition,
ceiling and lighting, interior decoration, electricity and electonics, and
machine and sanitation. Again in 1976 and 1977 "Collection of Technical Pro
posals for Government Office-building Development System" was done on the
same idea.
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PRECAST CONCRETE SCHOOL BUILDING SYSTEM

Background

In Japan a large nmnber of new schools are in demand in big city
areas because of a school population boom. It has been caused by popula
tion concentration, a baby boom in the past, and increased ratio of senior
highschool-going pupils, which is not a compulsory education in Japan.
Most schools are public, and they are generally constructed by a small con
tractor under a supervision of community officials. But, technology levels
of such contractors are varied, and the quality of a school building is not
always satisfactory.

In such circumstances, a new school building system, which brings out
cost saving, high quality, rapid construction and easy supervision, is ur
gently required. One of the reply to the need is the G.S.K. system already
referred to. And TAISEI CORPORATION has also developed a unique system
named Pal-School.

To develop a new school building system, characteristics of Japanese
education and school buildings as follow should be considered.

(1) Teaching methods are traditional, and the style of most school build
ings are similar: self contained classroom boxes are arranged in a row
along a single loaded or double loaded corridor. Then, standararliza
tion of a school building is easy.

(2) Since land cost is very high especially in such areas, most school
buildings are 3 or 4 stories high.

(3) Earthquake resistant design is one of the most important factors since
Japan is located in the region of highly active seismicity. A moment
resisting frame in a longitudinal direction and a frame wall structure
in a transverse direction give a typical design style. In Tokachioki
Earthquake 1968, columns in logitudinal frames failed in shear, because
shear span to depth ratio of those columns was very small ,(~2.0) on
account of wall girders. Then shear failure of a short column
came to be a big problem. On the other hand, the frame wall structure
in a transverse direction was not damaged, and such type of structure
was recognized to be a superior earthquake resistant system.

Outline of Pal-School

Under these background, Pal-School system has been developed. A sche
matic view of Pal-School is shown in Fig.8.

(1) Both faces in the longitudinal direction consist of precast concrete
panels ( I, 2, 3 in Fig.8) The width of the panel is 2.25m, and which
makes an unit in this direction. This is a quarter of the standard
length of a classroom (9m), and decided in consideration of the trans
portation of elements: Transportation of things more than 2.25m wide
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on road is prohibited by the law in. Japan. Other than regular class
rooms, two units give a proper length for a staircase, a toilet and so
on., and six units compose a specific class room.

CD P.C. PANEL

® P.C. PANEL

@ P.C. PANEL

@ STEEL BEAM

@ STEEL BEAM

@ STEEL BEAM

fj) STEEL FORM

@ REINFORCING BARS

® ALMINIUM FORM

@J SHEAR WALL

(j]) SLAB

Fig.8 Schematic View of PAL-SCHOOL
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An H rolled steel is used for a beam in the transverse direction.
( 4, 5 in Fig.8)

Slabs ( 11 ) and shear walls
( 10 ) are reinforced con
crete cast on site. Form
for the slab is a waved
steel plate (thickness is
O.6mm) placed on a light
truss which is hung on the
steel beams.

(2)

(3)

The precast concrete panel
is 2.25m wide and 3.70m high as
shown in Fig. 9, and which is a
closed frame with an opening; an
alminium sash is fixed in a fac
tory. The colomun is steel rein
forced concrete, and the section
is 45cm x 30cm. The upper and
the lower beams are reinforced
concrete both with the section of
l8cm x 70cm. Sanded lightweight
concrete is used for the precast
concrete panels and cast-in-situ
floors and shear walls with a com
pressive strength of 2l0kg/cm2 •
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Sand and gravel concrete with a compressive
strength of l80kg/cm2 is used for footing and
1st foor slabs.

The details of the connection are shown
in Fig. 10. Top plates and base plates welded
to H rolled steels in the columns are bolted
together with a joint plate in between. A
steel beam is bolted to the steel in the col
umns with split-tees. Concrete is filled in
the vacancy between the adjacent columns at
the time slab and shear wall concrete is cast.
High tensile bolts are used except for the
connection between a footing and a panel.

Prodedure of this system is as follows;

(1) The footings and first floor slabs are
constructed by the .conventional method.

(2) Precast concrete
panels are manu
factured in a
factory(Photo 2)
and transported
to the site.

H

COLUMN (P.C. PANEL)
HIGH TENSILE,BASE PLATE.

BOLT,\ ,JOINT PLATE

\d~_~~L.--TOP PLATE

Photo 2

(3) The panels are
erected making
outer surfaces
in the longitu
dinal direc
tion. (Photo 3)

Photo 3
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(7) The same works
are repeated in
every floor.

(5) Reinforing bars
are arranged and
forms are set for
slab (Photo 5)
and shear walls.

Photo 4

Photo 5

Concrete is cast
for them (Photo
6) and filled in
the vacancy be
tween two adj a
cent columns oof
the panels (Fig.
10).

(6)

(4) Steel beams in the
transverse direc
tion are set and
bolted to the top
of column steels.
(Photo 4)

In this system,
joints between ele
ments are simple and
reliable so that the
assembly is speedy.
But it should be not
ed that the precision
of manufacturing and
construction is the
most important factor.
Slab and shear wall
are not prefabricated,
mainly because east
in-situ concrete is
lower in cost than pre
cast concrete compo
nent for those parts
now.

Photo 6



782

Structural design

Our first planning of this system
was a little different from the present
one; The column of the panel was an H
rolled steel covered by concrete without
any reinforcing bars for bending. With
the joint system shown before, the two
H rolled steels of the adjacent columns
were expected to be coupled and to co
operate against bending moment. Then
the strucutural system in. the longitudi
nal direction had been estimated to be a
moment resisting frame with reinforced
concrete beams and coupled H rolled
steel columns.

A full-scaled model test was con
ducted to evaluate this system. The pre
cast concrete panel. for the test is shown
in Fig. II, and the loading method is
shown in Fig. 12.

The column was an
H rolled steel covered
with .concrete, and steel
mesh was arraged around
the steel to couple the
steel and the concrete.
Shear connectors were
welded to the web of
the column steels to cou
ple the adjacent columns.
Four panels were erected
on a steel base fixed on
the testing floor, and
transverse steel beams
were bolted to the top
of the columns with
split tees. The speci
men was subjected to
lateral load reversals
at the top, and the
strain of the column
steel was measured to
evaluate the mechanism
of the coupled column.

§

Fi g. 11

pc. PANEL

Panel

Fig.12 Loading Method
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R",~OO

Fig.13 Load-Deflection Curve

The obtained load-deflection curve is shown in Fig. 13. The specimen
yielded at column ends, and a very little strength decay was observed under
load reversals in a large deflection after yielding as shown ln Fig. 6. No
symptom of destruction was observed at the joints, and this frame proved to
be a ductile moment resisting system. On the other hand, co-operation of the
coupled column turned out not to be expected except only at the biginning of
the loading.

~,-RC_ STUD

of adjacent
a column below

STEEL BEAM

Transverse

/
S_R_ C COLUMN

/,
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PIN JOINT
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Structural Model for Design

P C_ PANEL

Fi g. 14

Longitudinal

l ~
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I t I
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Structural model
for design is shown in
Fig. 14. The longitu
dinal structure con
sists of pin-jointed
frames of the precast
concrete panels, and
the transverse struc
ture is a frame of a
steel reinforced concrete columns which consists of two columns
panels, and the base of the column is pin-jointed to the top of
or to the footing.

Then fundamental
concept of the struc
ture was changed; Each
panels resist the lat
eral load individually,
and the column was de
signed as a 'self-con
tained' steel rein
forced concrete as
shown in Fig. 9.
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Shear walls are placed in this frame, and on one end of the wall is
located an SRC stud.

Design base shear coefficient is 0.3 (for most cases,it is 0.2), and
working stress design is applied according to A,I.J. structural standard.

An earthquake resistant characteristics are examined on "The Daraft of the
Standard of the Earthquake Load". Since the transverse direction is a frame
wall structure and the safety of such a structure during a severe earthquake
have been clarified through the experience of Tokachioki earthquake, only the
longitudinal direction was examined. ,The model structure was Shimada-Gakuen
High School referred to later, and a plan of which is shown in Fig. 15. The
plan is repetition of same patterns so that an unit pattern (1 panel width)
is modelized, and elastic response characteristics were ~valuated by modal
analysis. Shear force coefficient at an yielding point Cy, that of an elastic
response Ce, estimated ductility factor uy and story drift index R are shown
in Table 1.

The 1st natural period in elastic range is 0.45 sec, and shear force
coefficients at yielding are 0.51.- 0.94. In this method, criteria for safety
are response ductility factors, story drift indices of each stories and an
average drift index. This structure surpassed all these criteria, and proved
to be an superior. earthquake resisting system.

Table 2.

Story Cy Ce Uy R

4 0.94 1.06 1.13 1/514

3 0.55 0.92 1. 89 1/276

2 0.51 0.84 1.83 1/207

1 0.66 0.95 1.53 1/192

'R: 1/256

Example •• Shimada-Gakuen High School

One of the example of this system applied to a high school building is
introduced in the following. Shimada Gakuen High School for 900 pupils con
sists of north block (3F) and south block (4F), and the total floor area is
4,800m2 (Fig. 15, Photo 7). The planning is a typical one for a Japanese
highschool: self-contained classrooms are arranged along a corridor located
on the north side of the building.

Construction time was about 6 months, and two months time saving was at
tained by the application of this system.

Other than schools, this system can be applied to kindergartens, dormi
tories, offices, hospitals and so on.
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Photo 7 Front View of Shimada Gakuen High-School
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CONCLUDING REMARKS

This paper summarized the history of precast concrete structures in
Japan, and introduced a new building system developed by the authors as an ex
ample of the latest state of the art. Then, characteristic problems still
needed to be investigated are discussed in this part as concluding remarks.

General Problems of Precast Concrete Structures

The problems yet to be investigated concerning the structural design of
prefabricated reinforced concrete frame structure were referred to in the re
port of RPCJ*l committee. The authors will summarize them as general problems
of precast concrete structure.

(1)

(2)

(3)

(4)

*1

Since precast concrete elements are generally cast in a horizontal posi
tion, the bond strength of upper reinforcements may be lower than that
of lower ones, because of the settlement of concrete. Though stiff
consistency concrete is cast under highly systematized control so that
the settlement may be very little, there are very small amount of data
of the bond characteristics of precast concrete elements and such data
are indispensable for the design. To get the above data, systematic ex
perimental stucies should be conducted using specimens with variables of
casting direction, slump, curing condition and so on.

Strength and deformation characteristics of beam-column connections have
not yet been clarified even in traditional reinforced concrete struc
tures, especially on the effect of orthogonal members and slabs. In pre
cast concrete structures, they are much more complicated because of the
existence of joints. Systematic experimental studies should be conducted
to clarify the characteristics of beam-column connections.

Shear strength required for slabs to transfer lateral forces in an
earthquake and details of the connections between precast concrete slabs
have not ye.t been settled. And there are still unknown parts in the
effect of slabs on the stiffness and the strength of beams. To clarify
those characteristics, experimental studies should be conducted using
specimens with typically detailed joints.

Shear transfer characteristics of connections between precast concrete
panels subjected to shear only have been clarified through various stud
ies, But in case of connections between beams and columns, they are
subjected to combined shear, bending and axial force, and there are still
unknown factors especially when the member is subjected to large shear,
a small amount of longitudinal reinforcements are arranged, or the shear
span tp depth ratio is small. Analytical and experimental studies for
the subject are required. Moreover, construction standard should be es
tablished since construction quality largely affects the shear transfer
characteristics in connections.

RPCJ Committee was organized in Building Center of Japan, and studied
"Problems of Structural Design of Prefabricated Reinforced Concrete
Frame Structure"from 1973 to 1975.



New Type of Structure

The authors initiated the development of composite structural system as
a new type of industrialized building as shown before. In this system, most
suitable materials and methods are selected for each parts of the building:
steel, concrete or others, industrialized or traditional.

In the case of Shimada-Gakuen High School, materials and methods were
selected as follows. The exterior wall pattern was repetitive and concrete
was estimated to be most suitable for exterior material for its durability so
that precast concrete panels were used. By the application of precast concrete
panels, rapid construction and high quality were attained. Moreover cost re
duction could be possible to give the panel double functions : a structural
element as well as an exterior wall. Connection between elements were rapid
and reliable because an H rolled steel was cast in the panel, and which served
as a structural element as well. Since the transverse span was long, an H
rolled steel was selected for a beam for the purpose of reduction both in
depth and weight. Shear walls and slabs are cast on site mainly because the
construction cost is lower than the case precast concrete elements are used,
and to confirm the structural integrity as well.

Such a composite structural system seems to be one of the suggestions of
the future of an industrialization of bUildings.

The composite structure contains characteristic problems still needed to
be investigated.

(1) Since the composite structure consists of various kinds of materials and
structures, it may be erroneous to apply working stress design method
because their structural characteristics are different. So, the design
method based on elasto-plastic characteristics of the structures should
be established.

(2) The structural systems in two principal directions are different, and
each joints are detailed for either direction. So, the response charac
teristics of the structure under two dimensional horizontal motion in an
earthquake are complicated and have not been clarified. Analytical and
experimental studies should be executed to confirm the enough earthquake
proofness.
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by
James Warner

President
Warner Engineering Services

Los Angeles, California

INTRODUCTION

The present state of the art for repairing and strengthening existing
structures employs methods which have largely been developed through experi
ence and thus are empirical in nature. Because of past limited need for such
work, the existence of well established standards or firms which specialize
therein and thus maintain the capability to design, develop, test, and apply
optimum remedial procedures is limited. Following every major earthquake,
however, vast numbers of "over-night experts" seem to appear. Accordingly,
due to the infrequent requirement for seismic damage repair in any given area
and lack of guide codes or recommended procedures, owners, their engineering
consultants, and the controlling authorities are often restricted in utiliza
tion of the most optimal methods, and less than desirable results are often
obtained.

In the case of seismic damage repair, the exact requirements or objec
tives of a given program are often quite obvious, i.e., those portions of the
structure needing repair have been clearly defined by having failed or re
ceived significant damage. In the case of strengthening of existing build
ings however, the engineer must depend upon inspection, analysis, and to a
very large degree, engineering judgement to determine the areas of weakness
that are to receive attention. In either case, existing building codes, in
general, do not address themselves toward remedial work, though often requir
ing any such work to upgrade the particular structure to full code compliance.
This frequently results in employment of other than optimal remedial methods
and, in some cases, total demolition of the structure rather than appropriate
repair or strengthening. Thus the present state of the art is relatively
restricted to employment of established methods which are, at least to some
degree, covered by existing codes. Such restrictions very much limit the
ability of the engineer and constructor in effecting optimal as well as eco
nomical restoration.

CURRENT PRACTICE

Present practice generally involves strengthening of existing elements,
addition of new force resisting elements, or a combination of the two. In
addition, the anchorage of non-structural elements (wall claddings, ornamental
components, etc.) is of prime importance.

Strengthening Existing Elements

Existing elements are generally improved by increasing their cohesive
nature through injection of grout or other structural adhesive, containing
their mass by encasement, increasing their dimension by the addition of sec
tion, or a combination of the above. Occasionally they may be braced by the
addition of ties, struts, or other connecting elements. Shear walls are
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often improved by the addition of section. Filling in of existing openings
is also a frequent expedient. Strengthening of roof and floor diaphragms
usually involves increasing their thickness or the addition of stiffeni~

ribs. Foundation elements are improved by increasing their plan dimensions,
extending their depth or both. In addition, underlying soil is sometimes
stabilized.

New Elements

In addition to strengthening existing shear walls, new shear walls are
frequently constructed. Such new walls often replace existing interior walls
which in older buildings are frequently of a non-structural nature. Load
transfer to such new walls is generally through existing strengthened, or
in some cases, new floor and roof diaphragms. Where required, the addition
of new drag members to transfer lateral forces to the shear walls is fre
quently made.

Design Criteria

Optimal design for strengthening or repair involves a great deal of
judgement and, in many cases, engineering decisions which are subjective in
nature. [1] However, because of present code requirements, most remedial
work employs methods that are at least to some degree established, or are
covered in existing building codes or previously approved code exceptions.
Additionally, large scale field tests are often utilized in order to obtain
code exceptions for specific projects. [1,2,3,4] Due to the time, cost, and
effort required to obtain such waivers, the use of new, innovative or unusual
procedures is greatly discouraged, however.

REPAIR MATERIALS

Established remedial procedures involve use of several basic materials.
Properties of some of these materials such as concrete are well established
and generally understood. Others, however, are the result of fairly recent
development and, accordingly, much remains Eo be learned about them.

Shotcrete

Shotcrete, known also as gunite or pneumatically applied concrete has
been used for repair as well as new construction for many years. Its prop
erties are fairly well known and provided for in most building codes. Shot
crete may be applied by either a "dry mix" or "wet mix" process. The dry mix
process involves premixing of the cement and sand and transfer to the work
site through a hose in a stream of compressed air. The end of the hose is
equipped with a suitable nozzle at which point water is injected and mixed
with the material as it exits at high velocity. The water content can be ad
justed at the nozzle and is restricted to approximately that required for
proper hydration of the cement. Because shrinkage is virtually eliminated
due to the low water content together with the high impact force at which it
is applied, properly installed dry mix shotcrete possesses very high bond
strength. Compressive strength of 27,600 kN/m2 (4000 psi) is commonly ob
tained. The process is particularly suited to restoration work as the material
is transported to the work site through hose making its placement virtually
unlimited by access restrictions.



Wet mix shotcrete is a somewhat newer development and involves pumping
of a premixed cement mortar to the work location. At this point a blast of
compressed air diffuses the mortar and impels it on to the substrate surface.
In order to move the plastic consistency material through the hose, higher
water contents are required, resulting in greater shrinkage potential and
diminished bond capability. Additionally, its tendency to sag results in
voids on the underside of horizontal reinforcement and obviously diminished
bond. Accordingly, the wet mix process is less suited to and has therefore
been seldom used for restoration work. Ongoing development of rapid setting
additives which will likely overcome the limitations, combined with the
greater economy of the wet mix process, could however, result in a consider
able increase in its future use. Type "K" (shrinkage compensating cement)
has been used in many instances. Beneficial results from such use however
are questionable. [3]

Preplaced Aggregate Concrete

Preplaced aggregate concrete is cast by pumping mortar into the pore
spaces of previously placed large aggregate. There is virtually no limita
tion to the maximum size aggregate although the smallest size is usually on
the order of I cm (3/8 in). The intrusion mortars most commonly used are
composed of portland cement, fine sand (Minus No.8 mesh), and an expansion
promoting additive. Epoxy resin materials have also been used though they
are generally restricted to work in which very rapid cure times are required.
Because each piece of large aggregate in preplaced aggregate concrete is in
intimate contact with the adjoining pieces, and the intruded mortar expands
after placement, the material is to some degree self stressing and therefore
provides high bond strength. It is therefore well suited for restoration
type work especially where access is difficult or an unusually great conges
tion of reinforcing or other inserts exist.

Epoxy Resin

Epoxy resin materials are available in a wide variety of types and con
sistencies which provide a nearly infinite range of cured physical proper
ties. In general, they offer very high bond strength and for this reason
have received wide usage and, in some cases, been acclaimed as a "magical re
pair material". Actually, epoxies comprise an extremely complex family of
chemicals and whereas properly used they are advantageous for a variety of
applications, they none the less possess many limitations. The word "epoxy"
actually is descriptive of a chemical reaction, specifically the linking of
the ethelyne oxide ring with a reactant material. [5] Because of this very
broad definition there are literally an infinite number of chemical formula
tions that can properly be considered epoxies. Accordingly, it is not possi
ble to describe properties that are typical of all potential epoxy formula
tions. However, most of the commonly used epoxy structural adhesive systems
possess properties of thermal expansion and elasticity quite different than
concrete. In general, epoxy systems become brittle when cold and soften with
an increase of temperature, although such variation differs widely between
various systems. Many epoxy materials will not bond to moist or wet surfaces,
although they are very satisfactory in a dry environment. In repair of fine
cracks a relatively low viscosity material is advantageous, however, in thick
er cracks a more viscous material would be desirable in order to prevent leak
age and provide better control of its placement. Absorption into the sub-
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strate must also be considered when used adjacent to a porous mass. Most
common epoxy formulations are subject to creep. Whereas' this area is not well
understood, it is generally believed that the creep rate increases with an
increase in temperature. Because on most of the applications connected with
repair or strengthening, only a small portion of the potential strength of
such material is generally utilized on a sustained basis, potential creep is
probably of limited importance. However, any proposed application which will
subj ect the epoxy material to a continuous stress level more than about 15% of
its ultimate strength, should be approached with great caution. Such appli
cation would probably merit separate testing of the specific proposed formu
lation, under actual conditions of usage.

Most epoxies used in strengthening and repair work are two-component
systems. They are usually mixed at the time of usage with a pot life varying
from about five to thirty minutes. The pot life is dependent upon temperature,
being extended as the temperature is lowered. Because the reaction of most
epoxies is exothermic, the quantity of material mixed at anyone time consid
erably affects the pot life.

Proportions of the components can vary from 1:1 to 100:1 or greater.
Most systems commonly used for repair and strengthening work, however, involve
ratios of 1:1, n~:l, or 2:1. Ratios of 100:5 are not uncommon, however, par
ticularly in formulations which are suitable for use in very cold or otherwise
hostile environments. Many established epoxy systems will properly cure at
freezing temperatures or below (the freezing temperature of some systems is
lower than OoC (320 F). However, when working in such conditions other factors
such as the existence of ice often control.

Commonly used epoxy formulations nearly always have strength character
istics greater than concrete or masonry materials with which they might be
used. As with most other properties of epoxies, the strength potentials vary
greatly. Typical values for formulations most commonly used in remedial work
however are as follows:

kN/m2
~

Compressive 27,600 to 103,500 4,000 to 15,000
Tensile 20,700 to 55,200 3,000 to 8,000
Bond 13,800 to 27,600 2,000 to 4,000

Modulus of elasticity varies greatly between different systems. It also
varies within any given system due to variance in temperature. It is none the
less significantly lower than that of concrete in most commonly used formula
tions. At 2loC (700 F) modulus of elasticity values will generally be on the
order of 1,380,000 to 2,760,000 kN/m2 (200,000 to 400,000 psi). The values
will raise with a decrease in temperature, and lower as the temperature in
creases. The magnitude of such variation significantly differs between dif
ferent formulations.

Exposure to fire or a high source of heat considerably reduces the
strength of some epoxy systems. For instance it was determined by Plecnik, et
al., [6] that the strength of one particular system tested was reduced essen
tially to zero at 2000 C (3980 F). Thus for a concrete wall of 15 cm (6 in)
thick containing a crack .25 mm (.01 in) wide, filled with that formulation, a



two hour exposure per ASTM E-119 could result in a strength reduction of
approximately 80% during exposure. After cooling to ambient temperature,
however, this would be reduced to approximately 40%. The effect of fire or
heat on different epoxy formulations varies widely and the state of the art
does not at this time permit absolute prediction of the effects on different
systems.

There are innumerable ways in which an epoxy formulation may be "cheap
ened" such as by the addition of solvents, diluents, extenders, fillers, and
so on. Top quality epoxy resin material systems should contain 100% reactive
solids.

As can be clearly seen, when using materials with such an enormous range
of physical properties and application requirements, a number of special pro
blems can arise. Whereas it would be impossible in a single paper to enum
erate all such potential problems, discussion of some of the more significant
and often experienced follows:

Improper Proportioning-- As aforementioned, the ratio of epoxy base
resin to hardener varies widely with different formulations. Whereas some
systems can tolerate fairly large variations from proper ratio, many others
require very precise proportioning if they are to cure and perform properly.
When batch mixing is used, weighing of the constituents is recommended, es
pecially with formulations requiring a large differential in the quantity of
each component.

When automated equipment is employed only properly calibrated positive
displacement pumps should be used. This becomes increasingly important when
the mixed resin is to be subjected to differential application pressure such
as pressure injection into cracks in concrete. Many problems and failures
have resulted from improperly proportioned epoxy materials. [7]

The efficiency of practically any pump will vary according to the pres
sure head. Because such pressure variations are common in most injection
type applications, the use of high efficiency pumps coupled with frequent
checks of the material used is mandatory. It is for this reason that the use
of "gear" or other non-positive displacement type pumps should be prohibited
in injection type work. Specification of epoxy formulations which have pro
ven capable of withstanding substantial variation in proportioning is also
advantageous.

Mixing--The various components of any epoxy formulation must be thor
oughly mixed if the cured system is to perform properly. Because the basic
chemistry requires every particle of hardener to connect and join with its
epoxy counterpart, special attention must be directed toward this item. In
sufficient mixing of the resin system will result in weak spots where the
molecules are not firmly attached to each other, adversely affecting its
strength and durability.

Cleanliness of Substrate--The substrate to which epoxy resins are to bond
must be free of dirt, grease, laitance, or similar contaminants. A great many
failures have been experienced where proper preparation has not been performed
expecially where the epoxy resin is being used as a coating. When the sub
strate is concrete, the preferred method of cleaning is chipping or sandblast-
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ing to sound material. A frequently used procedure involves etching with an
aqueous acid solution. Where this method is used, it is imperative that all
remaining traces of acid.are flushed off and entirely removed prior to appli
cation of the epoxy. Because the method leaves a moist substrate, the resin
system must be compatible therewith. A great many problems have been associ
ated with projects where the above were given insufficient attention.

Excessive exotherm--As aforementioned, the total amount of heat generated
by an epoxy resin is dependent upon the resin formulation, quantity or mass of
resin involved, and the ambient temperature as well as that of the substrate.
It is therefore important to select an epoxy resin formulation that possesses
exotherm properties compatible with the factors anticipated on each individual
application. Accordingly, where large masses of material are involved, espe
cially if the ambient or substrate temperature is high, relatively low exo
therm formulations should be used. Conversely, where very small quantities
or thin films of material are involved and the ambient or substrate tempera
ture is cold, a high exotherm (hot) formulation will probably be in order.

The results of many epoxy resin applications have been unsatisfactory
due to boiling of the resin caused by excessive heat. When specifying an
epoxy material, careful attention must be given to the total heat to be gen
erated. the heat absorption potential of the substrate, and any environmental
conditions which will affect the work. Where large masses of resin are used,
intermixing of a clean sand or gravel is frequently employed. This not only
reduces the total amount of heat producing resin required, but also increases
the total heat absorption media. In some cases either the substrate or admix
material or both are artificially cooled to increase their heat sink ability.
In extreme cases, cooling pipes or tubing, through which compressed air or
chilled fluid is circulated during the exotherm period, are run through the
epoxy mass.

Moisture--Any epoxy formulation used where moisture is present must be
compatible therewith. Additionally, special provision must be made to prevent
condensation resulting from exothermic heat being entrapped in the mass. Many
field problems involving this factor have resulted. Such have been especially
prevelant when cementing bolts or steel dowels into core drilled holes. In
this regard, the use of a percussion type drill not requiring water, is a pre
ferred method for preparing holes for such usage.

It is unfortunate that "epoxy" has often been promoted as a sophisticated
material that provides a magical cure for most everything. Whereas the vari
ous epoxy materials do provide unique solutions to a variety of problems, care
ful consideration must be made to match the proper formulation to each speci
fic requirement. Epoxies are very similar to protective coatings and unless
high quality materials are used they will likely deteriorate with time. The
engineer therefore must be extremely cautious in evaluating and specifying
such material.

Epoxy Ceramic Foam

The perfecting of viable foam generating epoxy based materials is a
recent development, such materials first becoming available in 1972. Because
of the apparent advantages in use thereof for seismic ~epair, and the then
pressing need relative to repair of damage caused by the February 9, 1971 San



Fernando earthquake, a full scale field research program was performed. [2]
The particular family of foams which proved to be well suited to such appli
cation is reported to be of epoxy ceramic derivation and is the subject of
United States and foreign patents pending. It is a two component formulation.
When properly mixed, foam generation initiates within less than a minute. The
magnitude of unrestrained volume increase varies from about 7 to 20 times the
original volume. It is unique, however, in that the maximum pressure de
veloped even when the mixed resin is completely restrained, is on the order
of only 14 kN/m2 (2 psi) or less. This factor is significant in that it over
comes the problem of damage to existing elements, resulting from high foaming
pressures, experienced with conventional expansive resins. The strengths ob
tained are a function of the exact formulation used, application procedures,
and amount of expansion allowed. They range from somewhat over 690 kN/m2
(100 psi) for a totally unrestrained specimen to greater than 34,500 kN/m2
(5000 psi) where expansion of less than about .5 times the original volume
occurs. Optimal injection requires high shear mixing and heating which ne
cessitates using sophisticated automated proportioning pump, in-head mixing
equipment. Such injection procedure is covered by United States and foreign
patents.

One of the unique properties of the material is an apparent variation in
density, and subsequent strength within any void or void system. In this re
gard, the material adjacent to and nearest the peripheal void surfaces ap
pears to obtain higher density and strength. These properties decrease with
distance from the peripheal surface with minimum values developing toward the
center of the void, the result being a relatively lightweight fill, encased
in a much stronger cocoon. The material exhibits.:extraordinary bond strength
to most materials and is stable, even under high temperature. It will not
burn or support flame. Following mixing of the two components by the pre
viously discussed dynamic heating process, the resultant resin possesses a
high degree of penetrability and will, in fact, penetrate cracks on the order
of .25 rom (.01 in). Accordingly, it has proven itself to be an advantageous
material especially where bonding wall claddings, existing masonry or other
non-structural elements to new or strengthened structural elements is in
volved.

Wedge Type Anchors

Wedge type anchors are frequently used in strengthening and repair work.
They come in a number of different proprietary configurations but in all cases
maintain fixity by directing a high stress against the wall of the predrilled
holes in which they are placed. Most manufacturers provide data as to the
pullout and shear resistance of their specific products, however, such data
is nearly always based on static load tests. Although such anchors have
proven to be quite reliable in general use, a large number of failures have
been noted during earthquakes suggesting a considerably diminished capacity
under dynamic conditions. Because the performance of such anchors depends
largely on installation procedures, it is not certain whether the noted fail
ures are the result of the anchor itself or improper installation. In one
evaluation program [12] a considerable scatter was experienced in pullout
results, however, the average failure value under dynamic conditions was a
bout 15% lower than under similar static conditions. Much more needs to be
learned relative to the performance of this type of anchor. In the meantime
the engineer must be extremely cautious and conservative in its use. Also
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it must be remembered that although the anchors use may be specified consider
ing only their shear capability, in actuality they will frequently be subject
to both shear and tensile forces during an earthquake. Accordingly, a tensile
failure, although in itself not adversely affecting stability, could well ne
gate their effectiveness to transfer shear forces u1timately resulting in
failure.

SPECIFIC TECHNIQUES

Crack Repair

Perhaps the number one consideration in any remedial treatment is the
repair of existing cracks. The use of pressure injected low viscosity epoxy
resin has become a fairly standard practice over the last decade or so. In
practice, the cracks are first sealed in order to contain the injected resin.
The preferred sealing material is a thixotropic epoxy, however, both thermo
setting wax and cementious sealing materials have been utilized. Provision
for injection is generally provided on a spacing slightly greater than the
thickness of the member being repaired. The preferred method involves the
use of pre-formed plastic injection ports with appropriate stoppers (normally
standard corks). (Fig. 1) Another method commonly used, however, involves
the placement of a 6 mm (1/4 in) wide piece of masking tape over the crack at
proposed injection locations prior to sealing. Before the sealing material
has hardened, the tape is removed leaving that portion of the crack exposed.
(Fig. 2).

Figure 1 - Sealing cracks and installing plastic injection ports using
thixotropic epoxy resin material.



Figure 2 - Sealing cracks with epoxy utilizing 6 mm (1/4 in) wide masking
tape to provide openings for injection.
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Figure 3 - Proportioning.Pump Unit Figure 4 - In-head mixing and in
jection apparatus.
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Injection is then made utili~ing a rubber ring gasket on the injection no~~le

which is held tightly against the open crack to prevent leakage. The open
crack is then sealed with a paraffin wax material following injection.

Two basic injection methods are commonly practiced. One involves auto
mated proportioning pump in-head mixing equipment, the other batch mixing
followed by injection from a pressuri~ed vessel. Although there remains some
controversy as to the best method of application, experience has indicated
that the in-line mixing system has questionable results when injection of very
fine cracks (less than .12 mm [.005 in] is involved, although where appli
cable it is faster and somewhat more economical. Pressure pots have the dis
advantage of tending to hold the exotherm heat with subsequent premature set
ting of the material. The use of refrigerated pots largely overcomes this
limitation however. [2] Because there are wide variations in the properties
and proportions of different low viscosity epoxy systems, it is important to
match the equipment to the specific formulation when utili~ing in-head mixing
equipment. Likewise, the properties of the material must be considered and
matched to the individual job requirement regardless of the method of injec
tion. A typical automated proportioning pump unit is shown in Figure 3.
Figure 4 depicts the in-head mixer used in combination therewith.

Complete and proper injection requires sealing and installation of ports on
both sides of the member being injected. Injection is started at the lowest

Figure 5 - Epoxy injection utili~ing refrigerated pressure pot equipment.



port on one side and continued until resin appears at the next higher port.
The injection nozzle is then moved to the next port and the process repeated.
Injection ports are sealed as soon as the injection head is removed from them.
Likewise the "inspection" or "vent" ports on the opposite side of the member
are sealed as the material appears in them. Complete filling of the crack is
assured by appearance of the epoxy material at all port locations. The in
jection phase is, therefore, a two man operatio;-requiring one man on each
side of the member. In most instances, a two way telephone system is required
to facilitate proper communication. Fig. 5 shows injection in progress on
a large wall area. Two crews are at work utilizing refrigerated pressure pot
units.

As aforementioned, in order for the epoxy injection to be effective, it
is imperative that the cracks be free of dirt, grease, or other contaminants.
In relatively new cracks resulting from recent seismic events, satisfactory
cleaning can usually be accomplished by vacuuming ahead of the sealing opera
tion. In older cracks special methods including flushing with water or sol
vents may be required. When flushing materials other than water are used, it
is extremely important to confirm their compatibility with the existing con
crete as well as the epoxy resin to be used. The use of acids for this pur
pose has been reported, however, the advisability of such use is questionable,
as even with thorough flushing, residual acids may remain. Even minute re
sidues thereof can result in serious corrosion damage to the reinforcing
steel. Water blasting has been suggested as a cleaning aid as has blowing
the cracks with compressed air. Except in the case of relatively wide cracks
[6mm (1/4 in)] and greater, the practice should be discouraged due to the
tendency to drive the contaminant farther into the crack. Successful crack
repair cannot be made with epoxy resins unless the crack surfaces are clean.
Such repair should not be considered for old cracks which are contaminated to
a degree that precludes proper cleaning. Where cracks are subject to mois
ture, the epoxy material used must be compatible with such conditions. Epoxy
resins are generally limited to use on cracks with a maximum width of approxi
mately 6 mm (1/4 in). They can be injected in cracks as small as .025 mm
(.001 in) or less, however, .10 mm (.004 in) is a more practical lower limit.

Spall Repair

Relatively minor spalls are routinely repaired by shotcrete, epoxy-sand
mortar non-shrink cementious grouts, or standard cement-sand mortar or dry
pack. 'Where non-shrink grout or cement sand mortars are used, bonding agents
of moisture compatible epoxy, polymer emulsion, or neat cement-water paste
are sometimes used. It is important that all loose material be removed from
such areas and the surface properly roughened and free of contaminants prior
to patching.

Shattered Concrete Replacement

Where badly fractured or shattered concrete exists, complete removal
and replacement is generally preferred. Reinforcing steel which has been un
duly stressed will require correction as hereinafter detailed. Concrete re
placement is usually made with shotcrete, preplaced aggregate concrete, ?r
standard portland cement concrete. As previously discussed, Type K (shrlnk
age compensating) cements are frequently used in such applications.
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FillingNon~Visible Voids

Non-visible voids such as rock pockets, honeycomb, or excessive porosity
within concrete members, or unfilled joints or cells within masonry infill
panels, are frequently filled in strengthening applications. In practice,
small diameter holes (approximately 2.5 cm [1 in]) are drilled with sufficient
frequency to intercept the voids. The extent and configuration of the void
ing can often be established by the injection of compressed air or water into
the holes, combined with appropriate monitoring of return locations. In the
case of relatively minor voids in concrete, epoxy resin or expansive cement
grout has been used. In such instances where the void spaces are small, the
cementious mixture generally consists of neat portland cement, water, and an
expansive admixture, and is injected in a relatively fluid consistency. Poly
mer type additives are sometimes incorporated in order to increase bond
strength. Such mixtures may also contain very fine sand in a proportion of
from 1/2 to 1-1/2 times the cement. Flyash or natural pozzolan is sometimes
used to replace up to 50% of the cement.

In the case of larger voids, expansive cement grout or epoxy-ceramic foam
is used. Expansive cement grouts used in such instances are similar to those
used for minor voids except that they may contain sand up to approximately
four times the proportions of cementing material and are generally of .a thick
er consistency ranging to heavy, mortar-like where large voids are involved.
Cement grouts used for such purposes have the advantage of similarity with the
substrate materials, and relatively low material cost. Principal disadvantages
are the relative high weight and somewhat messier injection requirements. Pro
per injection of cement grouts requires prewetting of the substrate by injec
tion of water. Accordingly, the excess water must be disposed of and the re
paired element will be damp for an extended time period. Such conditions will
affect the existing finishes on the element and may render the procedure un
satisfactory in the case of occupied structures. Epoxy-ceramic foams have the
advantage of relatively light weight, very high bond strength, and relative
ease in controlling placement limits and leakage, due to their generally rapid
foaming and set periods. The principal disadvantages are high material costs
and relatively low compressive strength. Because of their highly expansive
nature (expansion as great as 20 times their original volume) and their high
bond strength, such materials have proven extremely useful in the reinforce
ment and bonding of masonry infill panels especially where the bonding of wall
surfacing materials is required.

An extensive research program [2] disclosed that low viscosity resins
were generally unsatisfactory for strengthening masonry infill panels due to
problems of leakage and absorption. Polyester resins likewise were found
unsiutable due to shrinkage. Many common resin foams such as urathane and
styrene were It.kewise unsuitable due to their high expansive pressure and, in
some cases, lack of strength.

Bolting, Strapping and Bracing

The continuity between elements is sometimes improved by direct bolting
or the placement of steel straps bolted in place across joints or cracks.[S]
Parapets, towers, overhanging cornices and similar members are frequently
braced by structural steel members which are bolted in place or secured by
embedment in replacement mortar concrete or resinous material. [1,S,9]



Where bolting through existing concrete is used, effectiveness can be greatly
increased by filling any remaining space between the bolt and hole with epoxy
material.

Increasing Section of Existing and Provision of New Elements

Regardless of the particular material or method used for increasing
section or provision of new elements, careful consideration must be given to
provide for uniform distribution of stress from the new or strengthened ele
ments or assemblies, to the remainder of the existing structure. Special
attention should be directed toward tying the floor and roof diaphragms into
the lateral force resisting system.

Shear transfer--Provision for shear transfer and bond development must
receive adequate consideration and care during construction. In general, all
existing concrete surfaces that are to be joined to new concrete should be
sandblasted or chipped to a clean, rough condition providing signigicant ex
posure of the aggregate. In joints which will be subject to high shear, addi
tional roughening with pointed chipping tools to an amplitude of 6 rom (1/4 in)
is a frequent requirement. [lO,llJ In many cases the chipping of keyways may
be required. [lJ Additional shear resistance can be achieved through the in
stallation of powder driven pins, wedge type anchors and grouted rebar dowels.
Where the replacement material is shotcrete or preplaced aggregate concrete,
the use of bond coating is not recommended and, in fact, carefully controlled
field tests [3Jhave indicated the use of such actually results in a deleterious
effect, when used in combination with shotcrete.

Figure 6 - Rebar weld wrapped in asbestos to prevent rapid cooling.
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Reinforcing steel--Rebar that has been excessively yielded or otherwise
damaged, must be replaced. This is generally accomplished by removal of the
damaged portions and replacing with new steel welded in place. Generally full
penetration butt welding is preferred though lap welding may be used in some
cases. In any event, because of the varying heat dissipating properties of
the steel which is encased in concrete, and that which remains in the open,
such welds will require close control of temperature. Normal procedure in
volves pre-heating to a temperature of approximately 2000 C (4000 F) prior to
making the weld. Immediately upon completion the weld area should be wrapped
in asbestos to prevent rapid cooling. (Fig. 6) Also the concrete should be
removed in order to expose the rebar for a minimum of 10 to 15 em (4 to 6 in)
prior to the welding.

In some cases conventional lap joints can be made and in those cases where
the reinforcing is in tension only, standard mechanical splices can be used.
Where sections to be strengthened are interrupted such as by existing columns
or beams, continuity is maintained by either bypassing the steel around the
interferring element or continuing the new reinforcing in holes drilled
through the existing element.

Rebar dowels--Where it is not possible to penetrate the element such as

Figure 7 - Rebar dowels in place.
result of sandblasting.
blast preparation).

Note significant aggregate exposure as a
(Figure 5 shows same area prior to sand-



Figure 8 - Pullout test of epoxy set dowel.

in corners or at termini, or where additional shear resistance is required,
reinforcing steel dowels are secured in drilled holes. (Fig. 7) Drypack, non
shrink cementious grout and epoxy resin materials have all been used for this
purpose. The epoxy resin materials have been proven most suitable [3,9.10]
as they require a smaller hole, minimizing possible interference with ex
isting reinforcing, as well as being more economical. Tests have shown that
epoxy set dowels properly installed will retain their full yield capacity
when embedded approximately ten times their diameter. Because increasing the
embedment depth of epoxy set dowels entails only an infinitesimal amount of
additional cost, it is practical and probably advisable to so do to at least
fifteen bar diameters where thickness of the existing section permits. Field
proof testing of grouted bars is frequently required at a rate of from 10%
to 50% of the total bars set. (Fig. 8). The frequency of such tests is often
reduced however, as the job progresses, if consistently satisfactory results
are obtained. Proper performance requires that the holes be filled, prefer
ably from the closed end outward, the bar then being pushed into the partially
filled hole so that the resin material oozes out around it, insuring complete
contact. The bar is usually twisted slightly as it is inserted in order to
accomplish this result. The resin material can be injected with proportion
ing pump in-head mixing equipment or by hand caulking guns. In either case,
the nozzle must be provided with a hose or tube of sufficient length to reach
the bottom of the hole being filled. The installation of dowels in horizontal
or overhead locations is facilitated by covering the hole with masking tape.
A slit is then made in the tape through which the resin injection tube is in
serted, followed by the bar, the tape acting as a barrier to prevent the
material from running out. Somewhat thixotropic resin formulations are gen
erally used for this work. Optimal hole size is the smallest that can be
readily drilled and yet enable insertion of the steel. Because of the creep
potential of many epoxy formulations, hole sizes more than about 13 rom (1/2 in)
greater than the bar diameter should not be used.
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SPECIFIC ELEMENTS

Foundations

Structural repair and strengthening frequently entails improvement and
sometimes augmentation of the existing foundation system. Both increased
dead load which nearly always results from strengthening operations, as well
as potential loads resulting from high overturning forces generated in the
new or strengthened shear walls during an earthquake, must be considered.
Where the foundation system consists of conventional spread footings or mats,
the most frequent treatment involves increasing the dimension, depth, or both
of the existing elements. Additionally, new foundation elements are sometimes
provided. This is almost always the case when new shear walls are constructed.
Fig. 9 shows typical examples of foundation augmentation. Where existing
depth is increased, the work usually is done in alternate segments of between
1.5 m (5 ft) and 3 m (10 ft) in length. Conventional concrete or shotcrete
is generally used in such work. Continuity is maintained by placing new re
inforcing steel through the existing elements, the use of epoxy grouted dowels,
or a combination of the two.

In the case of pile foundations, additional piles may be installed or
the surrounding and/or underlying soil strengthened. Because of access pro
blems usually involved in such work, additional piles frequently are composed
of a number of short sections of steel piling which are welded together. They
are jacked into place using the building as a reaction, alternately jacking
and welding in additional pieces. The actual pile material may be steel H
section or steel tubing. Where steel tubing is used, dirt forced into the
interior thereof is sometimes cleaned out and replaced with concrete. Cast
in drilled hole concrete piling can also be provided in some cases.

Where strengthening of the soil itself is to be performed, "compaction
groutingll [13,14,15] in the case of fine grained soils, or chemical solidifi
cation [16,17] in the case of relatively permeable granular material, can be
used. Compaction grouting results in densification of the affected soil and
has been used to thereby reduce the potential for liquefaction in such soils.
Reduction of liquefaction potential in granular soil by providing cohesion
through chemical solidification has also been performed.

Strengthening Existing Shear Walls

Existing shear walls are frequently strengthened by the addition of
section, most often utilizing shotcrete. As indicated on Figures 7 and 10,
integrity of the strengthened mass is obtained by proper preparation of ad
joining surface, continuation of the new reinforcing steel through the slabs,
epoxy set dowels at termini, and provision of new shear dowels at regular
spacings throughout the field of the wall. Fig. 11 shows the completed rebar
installation and shotcrete application in progress. Similarly, continuity is
maintained at the abutments with existing walls or beams by proper prepara
tion of the adjoining surfaces, installation of epoxy set dowels or continu
ation of the reinforcing through the abutting element. Where reinforcing is
continued through elements, the annular space between therebar and hole
should be filled with epoxy.
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Figure 11 - Shotcrete application. Note complete re
inforcing steel and epoxy set dowel in
stallation and well prepared roughened
surface with significant aggregate expo
sure.

A frequent expedient involves filling existing openings in shear walls.
This often requires rerouting of mechanical ducts, lines, and other components
which frequently penetrate such walls. Where openings are filled in, epoxy
grouted dowels usually are installed throughout th~ periphery.

In the case of concrete frame buildings with masonry infill walls, it is
fairly common practice to remove one or two wythesof brick, replacing them
with properly reinforced gunite. When this is done thickened "ribs" are fre
quently provided around openings and at other areas where additional strength
is desired. (Fig. 12) By such removal of portions of the existing masonry, it
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Figure 12 - Masonry infill wall prepared for shotcrete.

is often possible to maintain the original dimension. This also reduces
additional weight imposed on the foundation system. In such operations proper
anchorage of the remaining wall components must be considered.

Because exterior facades usually are the most decora~ive and therefore
important to preserve, such work is frequently done from the interior of the
structure. Accordingly, provision must be made for proper anchorage of de
corative elements. Fig. 13 indicates some previously utilized methods to tie
ceramic, cast stone, or similar ornamentation to the strengthened structural
wall section. As shown such anchorage can be provided by the installation of
bolts, wedge type anchors, epoxy grouted bars, and in some cases, injection of
epoxy ceramic foam. [1,4,9] Where the exterior cladding is composed of brick,
stone, terra cotta, or similar material, provision must be made to prevent its
dislodgement during a seismic event. Epoxy ceramic foam injection, as shown
in Fig. 14, has proven to be a valid method for such anchorage. [2,4,9] How
ever, expansive cement grouts have also been used. [1.2]

Experimental work has been reported [19] wherein various precast infill
panels were installed for strengthening. Wide scale usage of such systems
probably is not likely, however, due to the advanced state of development and
greater economy of the other established systems. Additionally, provision of
new infill panels in themselves would not provide anchorage of existing non
reinforced masonry or decorative wall cladding which, by necessity would
require either removal or some type of attachment.
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Figure 14 - Injection of epoxy ceramic structural
foam through new reinforced shotcrete
on interior, in order to secure ex
terior covering.

Considerable improvement in the strength of unreinforced masonry infill
walls has been reported by Wyllie & Dean [18]. Therein they report masonry
infill walls were repaired by the addition of wire mesh and plaster., following
the 1966 earthquake in Lima, Peru. The building, the Colegio Villa Maria
school, was revisited following the October, 1974 event with no damage to the
previously repaired building being noted, although other buildings on the site
were damaged. It is noteworthy, that whereas such minimal treatment obviously
falls far short of current United States code requirements, it does none the
less substantially increase the earthquake resistance of the affected elements.



New Shear Walls

New shear walls are generally constructed of conventional reinforced con
crete or shotcrete although any material system which will provide the required
resistance can be used. Where such elements are cast between existing concrete
framing members, continuity of the reinforcing steel or the use of epoxy set
dowels can be used in a manner similar to that used for strengthening existing
walls. The same methods for preparing abutting surfaces are similarly utilized.

Framing Members

Existing columns and beams are frequently upgraded by the addition of
properly reinforced shotcrete. In order to provide a collector system to drag
lateral forces to the shear walls, existing beams frequently receive special
attention. Additionally, new drag members are often provided. As with the
previously discussed work, proper preparation of the surfaces to receive new
shotcrete is imperative. New reinforcing steel is placed with special emphasis
to insure continuity through or around other conflicting elements. Shear
transfer and continuity are provided by the use of chipped shear keys, wedge
anchors, or grouted bars. [1,3,4,8,9,10,11] Typical examples of such strength
ening are shown in Figs. 15 and 16.

Floor and Roof Diaphragms

Floor and roof diaphragms provide a major contribution to the distribution
of forces throughout any structure. Accordingly, in strengthening applications
they very frequently will require special attention. Strengthening of existing
diaphragms is often accomplished by the addition of an overlay of either con
crete or shotcrete. Where "change" in the elevation of the top surface cannot
be tolerated, which is frequently the case, the addition of shotcrete on the
underside is a frequent expedient. In some cases stiffening ribs can be
utilized. Occasionally, new diaphragms can be added by filling in abandoned
shafts, stairwells, etc. The removal of existing concrete and total replace
ment is occasionally made as well. The preparation of surfaces and installa
tion of reinforcing and shear resisting devices is similar to that used in the
strengthening of other elements as previously discussed.

Realignment of Displaced Members

Displaced or collapsed members, assemblies or sub-assemblies can often be
realigned by structural jacking. [15,20] Unitized jacking equipment is avail
able which permits the use of a nearly unlimited number of individual jacks
operated individually or in unison from a central control console. Such equip
ment provides the ability to precisely realign misplaced elements without the'
introduction of new or deleterious stresses. Following realignment, the dam
aged or missing sections are replaced as previously discussed under "Shattered
Concrete Replacement". As an example, the beam shown in Fig. 6, as well as
those adjacent to it, were jacked to proper alignment prior to rebar replace
ment.

Ancorage of Non~Structural Elements

Fixity of parapets, cornices, sculptered figures and similar non-structural
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elements is required to render a building sesimically safe. Such anchorage
may be accomplished by tying with wedge type or grouted anchors, bonding with
epoxy mortar or similar materials, bolting, or bracing with steel elements [1,
4,9] Fig. 17 shows a steel bracket cornice hanger during installation. Fig.
18 depicts typical anchorage methods. When steel is embedded within the
structure, it is important to assure against eventual corrosion. Hot dip gal
vanizing is frequently used in this regard. Additional protection is some
times provided by encasement with concrete or epoxy ceramic foam. [9]

Figure 17 - Steel cornice anchors. Following setting of remaining terra cotta
cornice elements, entire section will be filled with epoxy-ceramic
foam for additional stability and protection from corrosion.

OBSERVATIONS AND CONCLUSIONS

Whereas historically, neither repair nor strengthening of structures has
been performed on a large scale basis except immediately following damaging
earthquakes, viable methods and procedures therefor have, none the less, be
come fairly well established. In most instances, the methods have developed
empirically, although in some instances laboratory or field research has pre
ceeded actual usage. Because of existing building code requirements, most of
the work performed in the United States has been severely limited as to metho
dology. Accordingly, the materials and procedures which have become fairly
well accepted, if not already covered by existing building codes, have been
developed under conditions of considerable restraint, in order to obtain
approved exceptions to the controlling code. In the case of large or impor
tant projects, often elaborate and costly testing programs have been per
formed. However, many smaller and less important undertakings and, in some
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Figure 18 - Typical anchorage for parapets and cornices.
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cases, even large projects have been performed using methods that all too
often have been inadequate, improper, and certainly not in the best interests
of the owners or the public.

Due to the infrequency of seismic events in any given area, when they
do occur, design engineers, building officials, and established constructors
are severely limited in providing remedial treatment,. due to lack of experi
ence in performing such work on a wide scale. Accordingly, formulation of a
set of guide procedures for such performance is badly needed.

In the case of strengthening existing structures, methods available both
from the standpoint of design and construction, are severely limited by the
frequent requirement that any such work conform to current code provisions.
Due to such rigid requirements, and the resulting inability of owners to
legally make partial improvements, many structures tend to remain in essen
tially their original hazardous condition. There is, therefore, a need to
establish reasonable requirements for the strengthening of existing struc
tures. Such requirements must relate the required level of improvement to
the age, occupancy, and general usage of the particular structure. In many
instances, a fairly great improvement in the gross stability of a structure
can be made at a relatively small cost, even though that structure might
continue to fall far short of code compliance. Accordingly, modified code
provisions should be formulated which encourage owners to strengthen existing
structures within reason. Simplified procedures for acceptance and use of
materials, methods, or procedures not covered in present codes should be pro
vided.

Most code requirements and established test procedures for evaluation
of materials and structures are based on static methods. To realistically
evaluate seismic performance of individual materials, elements, or assem
blies, especially where composite construction is involved, appropriate
dynamic evaluation is required. Accordingly, the development of improved
procedures, standards, and pertinent equipment for large scale dynamic
testing is needed.

Present methods for evaluation of existing structures for dynamic
stability is largely limited to analysis of the individual components thereof
and their computed or assumed interaction. Better methods for determining the
behavior of structures and interaction between the various elements, sub
elements, and individual materials is needed. The effectiveness of many
remedial materials and procedures has been fairly well established ~hrough

their use over an extended period of time and resulting "testing" by actual
seismic events. However, many of the relatively new materials and systems
have not had this "advantage"o There is a definite need to confirm the ef
fective performance of unproven remedial methods, preferably utilizing full
scale models under simulated seismic conditions.

Epoxies and other resinous materials have received widespread acc~ptance

in repair work in recent years. However, this field of chemistry is extreme
ly complex and very little is understood relative to the properties or result
ing behavior of such materials. Compilation of a guide, enabling identifica
tion of specific properties required for desired end results, and development
of appropriate analytical and acceptance criteria thereof is needed. Addi-



tionally, evaluation of the composite behavior of epoxy injected elements and
assemblies, and in particular, their performance under conditions of elevated
temperature (fire) or extreme exposure is needed.

Whereas the use of "dry mix" shotcrete has been well established and its
value proven, because the "wet mix" proces,; promises ",-ven greater flexibility
as well as economy, its further development will prove advantageous. Develop
ment of special procedures to correct shortcomings therewith, particularly the
tendency to sag, needs special attention.

History has proven the capability of engineering and construction pro
fessionals to design and perform remedial work in an optimal manner. Building
code restrictions have, however, frequently limited the performance of such
professionals. Perhaps the number one need to improve the state of the art
is to create an optimal integration of these factors.
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IN'l.'llODUCUON

The San Fernando Earthquake of February 9. 1971. destroyed or severely
<lamaged four major hospitals. Two patient-occupied buildings of the
Veterans AdministratioD Hospital collapsed. killillg 46 persons. The Veterans
Administration buildings that collapsed were designed and constructed prior
to the development of seiSlllic design coOes.

In order to prevent a recurrence of such a disaster. a progr_ was
:lDmediately undertaken to evaluate othei:, VA hospitals and determine their
seismic ~esistance. Details of the prograa have been described elsewhere
( 3). (12).

Consultants were retained to study the geologic and seisaic hazards at
each site. Where the risk seemed high. other consultants evaluated the ability
of the hospital buildings to withstand earthquake forces and suggest methods
of strengtheaing with correaponding cost estimates for those buildings found
to be deficient.

From the reports. the VA determines an appropriate course of action at
each hospital. ~ many instances, it may be more appropriate to abandon
obsolete buildings than to reinforce them. All decisions are made by the
Administrator of Veterans Affairs, based on advice of the Chief Medical Director
and the Assistant Administrator for Constrnction.

This paper s_rized the findings of the progr_ to date. A fev cautionary
notes on costs are offered. The initial studies were begun in 1971 and a few
are still underway. Costs presented are those estimated at the time of comple
tion of the individual reports, and need to be adjusted to allow for cost
escalation since then. Furthermore, costs reported include both structural and
nonstructural costs, although predominately structural. This will be discussed
later in this paper. Finally, some of the analyses include costs required to
preserve historic buildings.

CRITERIA FOR EVALUATION OF VA
EXISTING BUILDINGS

Although the Veterans Administration had followed local building coOes
until the San Fernando earthquake, the poor performance of the newer hospitals
during the earthquake raised doubts as to the adequacy of current local coOes
for hospital design. Therefore the Veterans Administration sppointeda
Committee of consultants to develop requirements for earthquake-resistant design
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of VA hospital facilities. The COIIIIIittee Members were Bruce A. Bolt,
Professor of Sei_logy, University of California, Berkeley; Roy G. Johnston,
Consulting Structural Engineer, Los Angeles, California; Mete A. Sozen,
Professor of Civil Engineering, University of l11ino1l; aJl4 tha author.

Sixty-eight VA Hospitals are in Zones 2 and 3 on the Sei8lllic Risk map in
the 1973 Uniform Building Code. At each site, consultants evaluated geologic
and seismic hazards and estimated Amax, the peak horizontal ground acceleration
for the site during the life of the structures (approximately 100 years).

Building Population

TWo hundred and eighty buildings at twenty-six hospital sites were reviewed
in this report. The buildings ranged in size "from about 1000 square feet
(92.9 m2) to over 600,000 square feet (5574 m2) and were constructed over a
period of time from the turn of the century to 1972. Figure 1 is a histogram
of the year of construction of the buildings in this report.

o
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FIGURE l - AGE OF BUILDING POPULATION

TWo buildings were originally designed for a nominal earthquake force (circa
1950 UBC requirements). None of the others was originally designed to be
earthquake resistant. Almost all buildings have unreinforced masonry.

The list does not include pre-1933 VA buildings in California. The iIiost
serious problems encountered by the VA were in California. It was evident
after receiving reports on the condition of the buildings and the cost of required
reinforcement that the agency had no choice but to take positive action at certain
Veterans Administration hospitals in California. In sbaple terms, a large per
centage of buildings at these West Coast hospitals were constructed before
1935, when no seismic design requirements were in general use. The buildings
were recognized as being,unable to withstand earthquakes of high or even moderate
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intensity. In the face of such circumstances the VA acted iDmediately to
vacate the weaker buildings and to start the improvement of those which had
to be continued in service.

For ease of cOlllparison, buildings in this report were assigned to one of
five basic structural systems stmilar to those used by Larrabee (7): (1) Masonry
Bearing Wall, (2) Concrete Frame with Masonry lnUll Wall, (3) Steel Frame with
Masonry lnfill Wall, (4) Wood Floor with Masonry Bearing Wall, and (5) Other
Structural Systems.

Twenty-one of the buildings are over four stories in height, with the
tallest being 15 stories high. Thirty-four buildings have an occupied area
greater than 80,000 square feet (7432 m2).

Fifty-four of the buildings are on sites where Amax is estimated as greater
than 0.15 g, that is, sites where serious, IIIlljor ground lIlOtion is expected.

And finally, 118 of the buildings are sleeping buildings, and therefore
occupied by patients at all ttmes. Most of the rest of the buildings are admin
istration, support, recreation, and other such buildings that are most heavily
occupied during the normal daylight working hours.

Analysis

Forces on a building are estimated using the methods specified in "Earthquake
Resistant Design Requirements for Veterans Administration Hospital Facilities" (12
The base shear is:

Vo = a (DAF) Amax W (1)

in which a = an estimated energy dissipa tion factor corresponding to the type
of construction; DAF is obtained frOlll a design spectrum; and W• total dead
weight of the structure. Ambient vibration measurements of VA buildings by the
Geological Survey indicate that the period of an existing buildings _y be
conservatively estimated as

T =0.05N

where N • number of stories.

The distribution of earthquake forces to each story is in accordance with
conventional practice. Within a story, the forces are distributed to the
resisting elements in proportion to their relative stiffnesses.

The forces are assumed to act nonconcurrently in the direction of each of
the _jor axes of the bu:t1ding.

calculation of base shear is relatively simple. The difficulty arises
when one seeks a reasonable method of analysis of existing buildings. Larrabee
(7) studied costs of reinforcing existing buildings and concluded that there
are real differences of opinion on strengthening methods and that differences
in methodology IIlUst be considered .s one of the Ujor sources of variance in
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the cost estimates. FTeeman ( 6) discussed the methodology he adopted in analyzing
a Ill&jor VA hospital in a moderate zone.

It was noted earlier that almost all of the buildings contain unreinforced
_sonry. And a significant proportion of VA buildings were constructed with
reinforced concrete frames and unreinforced filler walls. These buildings were
designed for vertical loads only, but may possess considerable lateral strength.
Bl\ae (2) cited tests to destruction of two frames of a three-story hospital in
South Africa. The frames were not designed to resist lateral forces. The fr_s
were of similar construction, except that one was braced with poor, "loose fitting"
masonry in£111 walls. The frame with the in£1ll walls functioned as a single
structural unit, and carried a load much greater than the SUIII of the capacities
of the wall and fr_. It failed at a tension splice (designed as a compression
splice) in the first-story column.

Unreinforced Ill&sonry may have a _rked effect on the response of the structure
to seiSlllic motion, and may even precipitate collapse of a building. Under sOlIe
circUlllstances, the Ill&sonry, even though unreinforced, Ill&Y provide enough lateral
resistance for a building to resist earthquake forces safely. Therefore, the
Ill&sonry's response to both in-plane and out-of-plane forces Should be considered.

Engineers have expressed concern that ..sonry construction, even in a single
building, is so variable as to be unreliable. A National Bureau of Standards
report for the Veterans Administration (4) presented a methodology for testing
and evaluating the strength of unreinforced _sonry in a building. Generally
speaking, the NBS noted that shear strength was the critical par_ter, and
recommended diagonal compression tests to estilll&te shear strength. Further tests
by a private testing laboratory, Testing Engineers, Incorporated, demonstrated
that tests of cores were also acceptable and costs considerably less than diagonal
compression tests (10). However, unless great care is exercised, I118ny of the
cores are broken during the coring process.

No generally accepted methodology has been developed for analyzing this type
of building. The author proposed a method (8) based on tests of frame wall
syst8llls reported by Fiorato ( 5). In this approach, two failure patterns are con
sidered: (1) those relating to uncracked infill walls, and (2) those that develop
after cracking of the infill walls. The latter are modeled by using the braced
frme mechaniSlll shown in Figure 2. It is assUllled that the cracked I118sonry fOrllls
wedges that brace the upper and lower portion of columns. Plastic hinges are
assUllled to develop at the extreae points of the wedgas. Based on available test
results, it is assUllled that this model lsads to a conservative estimate of the
ultimate strength of the fr_-wall syst8lll.

Out-of-plane forces were analyzed by assu-ing arching action, based on
tests by Wilton and Gabrielson (13).

This methodology was used to analyze sOlIe of the VA buildings, and the
results were sOllewhat encouraging.

METHODS OF REINFORCING
EXISTING BUILDINGS

Scope of Work

The building evaluations in the Veterans Administration progrlllll were carried
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out in two phases. In Phase I, consultants were asked to evaluate the buildings
and identify signifieant structural and nonstructural seismic deficiencies,
classify the building as to whether or not it conforms to the seismic standards,
and assign "non-conforming" structures to a eategory in terms of potential
seriousness of the deficiencies. Field inspections and l~ited test samples
of concrete and masonry were taken during this phase.

For those structures found seriously deficient, the consultant was asked
to perform Phase II studies. These studies were to develop diagr....tic sketches
and cost estimates for correcting the seismic deficiencies noted in Phase I.
An important consideration in the cost estimate was to allow for disruption and
restoration of all non-structural components to permit the installation of the
structural bracing where necessary. Costs of anchoring and stabilizing critical
non-structural components was also included in this phase. Complete scopes of
work for Phase I and Phase II studies are in the VA Earthquake-Resistant Design
Requirements (12).

No restrictions were placed on solutions for reinforcing the buildings
except that disruption of hospital operations were to be kept to an ahselute
minimmn. All consultants were encouraged ~e consider the strength of the
existing masonry where appropriate and to consider the level of ground shaking
estimated for the site.

Solutions

In a nUlJ\ber of buildings, the major deficiency was that floor and roof
systems, serving as diaphragms, were not securely anchored to the principal
lateral force resisting systems. Corrections in most instances, were rela
tively inexpensive. At some buildings, wood diaphragms were judged inadequate
and replacement was recommended.

The vast majority of buildings were judged to need strengthening of the
lateral force resisting system, and new shear walls were tecC8D8n4led. They
would be either predominantly exterior or interior walls, or some combination
of exterior and interior walls.

A few consultants proposed imaginative solutions, often involving steel
bracing systems, but these were limited to special buildings and are not considered
generally applicable.

From a review of these solutions, SOBS general guidelines have been
developed.

&lnerat Guidelines

A necessary first step in reinforcing an existing building to resist earth
quake forces is to conduct a careful inspection of the building to identify the
principal structural elements, determine the state of repair of the building,
and assess the quality of conatruction.

The construction drawings can provide time-saving information on the sizes
and loeations of columns, exterior wall construction, length of dowels, and so on.
This information should be verified by spot checks in the field. Furthermore,
additions and slterations should be noted that may affect the earthquake response
of the structure.
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The inspection should also identify locations where gravity loads have
caused distress. These include settlement of foundations. cracks in structural
members. snd noticeable deflections of be..s and girders. The causes of these
conditions should be corrected when reinforcing the building. Often there are
shrinkage cracks in a concrete floor or roof slab. and a determination must be
made as to whether these cracks impair its capacity to act as a diaphragm.

Finally. the quality of construction is established by sampling and
laboratory testing.

Buildings located in areas where moderate to strong earthquakes are likely
to occur should have: (1) a lateral force resisting system that is capable of
resisting the earthquake forces estimated for the site. (2) diaphragms that are
capable of distributing the earthquake forces to the lateral force resisting
elements. (3) masonry walls braced as necessary to prevent collapse under strong
motion, and (4) other potential hazards (such as loose parapets) corrected.

The amount of corrective work varies frCllll building to building exposure.
Furthermore, consideration must be given to the total cost of structural altera
tions, including the cost of disruptions to operations of the facility.

Lateral Force Resisting System

If the lateral force seismic resistance is inadequate, it can be increased
in two basic ways: (1) by introducing masonry interior partitions in order to
improve the earthquake resistance of the existing column network, and (2) by
introducing new shear walls of reinforced concrete or reinforced _sonry con
struction.

These new stiffening elements should be located so as to reduce torsional
problems. Preferably. the elements should be placed symmetrically about the
center of mass. Furthermore, openings in a new wall should be kept to a minimum
and arranged so as to maximize the rigidity of the wall.

In a number of instances, existing masonry partitions have been replaced by
steel or wood stud partitions. This may seriously reduce the earthquake-resistanc
of the structure. If analysis indicates that the unreinforced _sonry is inade
quate, it should be braced or replaced. However, new partitionslbould have at
least the same rigidity as existing ones. If necessary. the new partitions
should be reinforced. and details should be provided to securely anchor the new
partitions to the existing structural columns. beams. and girders.

Introducing new structural partitions may disrupt an area in many ways.
Ceilings, lights. ducts and floor areas may be disturDed and operation of the
facility interrupted. The cost of the disruption and restoration of these areas
must be considered as well as the cOnstruction cost of the structural elements.
For eX8lllple. it may be preferable to place new partitions where there is minimal
interruption to the building environment. rather than at the locations indicated
by optimal structural solutions. provided that the new elements are effective
structurally.

The new partitions may be constructed of masonry, reinforced concrete, or
pneumatically applied concrete. Masonry partitions are often the least disruptivl
but, unless adequately reinforced. _y be the weakest. Pneumatically applied
concrete partitions require erection of dust proof barriers and there may be a
housekeeping problem with the rebound.
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New shear walls can be very effective in increasing the lateral force
resisting capacity of an existing building. In addid,on, they can reduce
the lateral diaplacement of th;e building due to earthquake forces, thus
minimizing non-structural damage. If shear walls carry the major portion
of the lateral fOlCea, the VA Requireaents permit an a: factor of 1/3, instead of the
1/2 factor for buildings where infill walls are the stiffening elements.

Interior shear walls may have the sllllle disruptive effects as new partitions
on building operations and, therefore, their locations must be chosen with this
in mind. Sometimes they can be conveniently constructed in 8tjdr towers, although
provisions are necessary for the safe egress of the occupants during construction.
If the shear wall is constructed between existing columns, &8 an infill wall,
the columns and foundations must be able to resist the axial forces induced by
the overturning forces on the shear "alls.

Generally, introducing new exterior shear walls is less disruptive to a
building operation than new interior walls. The walls can be of reinforced
concrete, reinforced masonry, or pneumatically applied concrete. See Figure 3.

Rather than replacing the entire wall, one method of constructing new
exterior shear walls would replace the existing exterior brick wythe by a
reinforced grout space and new exterior wythe as shown in Figure 3. The wall
then acts as a reinforced masonry wall. The new wall is directly anchored to
the frame and to the inner wythe of the existing wall. The existing inner
wythe should be cleared, sometimes even sandblasted, to assure good bond between
the new and old walls.

The exterior brick wythe is removed by chipping haulllers. Interior roOllls
should be vacated while the chipping is underway since the operation is quite
noisy. Window opeilttigs can be shielded by sheets of plywood, secured frOlll the
inside, and taped around the perimeter to prevent dust infiltration into the
room.

Figure 3c shows another scheme, adding the reinforced grout space and wythe
directly to the existing exterior wythe. The analysis involves several additional
considerations: (1) the additional weight of the new wall adds to the lateral
forces; (2) the center of the new wall is laterally offset several inches from
the structural frame and existing wall it supports; and (3) the additional weight
and overturning forces may be eccentric loads on the existing foundations. Again,
it is important that the existing wall be cleaned and moistened to assure good
bond with the new construction. In addition, there should be shear keys or
mechanical ties between the walls so that shearing stresses can be transferred
from the old wall to the new one.

This scheme does not greatly disturb the existing operations; and, the
total cost, including foundations, may be equal to the other schemes.

Another possibility that may be considered is to introduce exterior concrete
buttresses to brace the building. These may be constructed as exterior stafr
towers, thus increasing the nlllllber of emergency exits from the building. Exterior
buttresses require special considerations: (1) massive "flagpole" foundations
must be provided to resist overturning forces since the dead load of the building
is not acting to resist these forces; (2) the transfer of shear from the diaphragm
to the buttress is difficult, and (3) vertical ground motion may create a tendency
for the buttress and the wall to respond independently, and impair their func
tioning together in resisting earthquake motion.
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NONSmUCTIlRAL CONSIDERATIONS

Until recently. engineers as a rule were not conceme<! with properly
anchoring architectural. mechanical and electrical components nor with
stabilizing equipment. furniture and supplies in an earthquake envirODlllent.
Sace the San Fernando earthquake. these important areas have begun to receive
attention. but vital "how to" information is still difficult to find. In
our opinion. the best guidelines were developed by Ayres (1).

The VA can offer several direct guidelines:

(1) Hew VA Hospitals in highly seismic areas are designed to continue
to fUDction for four days without outside assistance after experiencing a
_jor earthquake. VA sets explicit requir..ents for emergency electrical power.
water supply. sewage disposal and steam supply.

(2) Ar~hitectura1. mechanical. and electrical components are anchored.
In addition. VA design requirements mandate strict draft limits which ainimize
earthquake deaage to these components.

(3) A deta:L1ed study on VA hospital operations has recently been c0llllp1eted
by a consultant and offers gui4ance for stabilizing equipment. furniture and
supplies (11).

(4) Priorities for identifying critical cOllllponents. as in the case of
structural components. Adequate design and construction is eas:L1y attained in
new buildings but very difficult and expensive in existing buildings. Based on
internal studies and studies by others (9) the VA is considering the priority
guidelines in Figures 4 and 5.

It might be stated here that potential nonstructura1 hazards in existing
bu:L1dings are identified and corrections of the most serious ones are included
in the cost estimates. Others _y be corrected over a period of tt.e by
Hospital eap1oyees.

In addition to these critical compOllents. the VA has also been concerned
with preserving the appearance of _y of its bu:L1dings that are of significant
historical interest. Historic preservation has been required by law only
recently. although architectural and historical societies have had a keen interest
for _y years. Generally the law applies to blportant buildings fifty years
old or older. but exceptions are often _de. ,Many of the hospitals are on sites
of former Aray Posts. and therefore are an integral part of the history of that
area of the United States. At the VA. we work closely with our Historic
Preservation Officer who offers iaportant guidance. This guidance is particularly
iaportant where one is considering exterior shear walls, to reinforce a building's
lateral force resisting syst... Although not a completely reliable rule of
thumb. the author can generalize that there is a distinct correlation; the
weaker the mortar in an exterior wall. the more significant the structure from
a historic point of view. Historic preservation requirements contributed to
the very high unit cost of reinforcing some _ildings.

COS'rS OF RElHFORCING
EXISTING lNILDlHGS

As was Roted in the introduction. costs presented in this report were taken
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FIGURE 4 - PRIORITY HOSPITAL NONSTllUCTUBAL
FIXED SYSTEMS

FIRE PROTECTION SYSTEM

Sprinkler Syst_
Risers
Distribution mains
Check value to O/S distribution

Standpipes
Hains
Risers
Pumps

HAZARDOUS MATERIALS

Hazardous Syst_ (02 & N20)
Risers
Distribution mains
Hangers

Hazardous Storage
Fuel (include Natural Gas)
02 cylinders/storage tank
Nitrous oxide

EMERGENCY POWEll SYSTEM

Transfer Switches
Diesel-Generator
COIIIpressor

Fuel piping
Cooling system

Cooling tower
PUlDpS
Piping

Batteries
Controls

Switchgear
Substation
Distribution Panels
Motor Control Centers
Panel Boards
OR Isolating Panels
Conduits and Bus

COMKUNICATIONS

Telephone relay racks

'l'BANSPORT SYSTEMS

Elevators
Rails
Counterweights
Motors
Generators
Controls
Hydraulic pumps

MEClWfICAL SYSTEMS

Heat Exchaagers
Pumps
Absorbers
Storage Tanka
H &V Units above ceiling
COlIIpressors
Cooling tower
Graphic control panel
Chiller
VaCUlD Pump
Boiler
Aerator
Incinerator
Controls
Piping ( over 4 II diaa.)

Chilled water
Steam
Hangers

Motors

MEDICAL SYSTEMS

Stills
Distilled water storage

X-ray (overhead)

ARCHITECTURAL SYSTEMS

Lighting l'iZtures (anchors)
Emergency lighting/
batteries

Surgical
Stairwells
Ceilings
Corridor egress

OR. emergency
Partitions and Walls
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FIGURE 5 - PRIORITY HOSPITAL FOlUUTUIlE
EQUIPMENT lie SUPPLIB'S

FIRE PROTECTION SYSTEM

Extinguishers
Receptacles
Mounting Brackets

HAZARDOUS MATERIALS

Hazardous Storage
Radioactive storage
Chemicals, reagents
Anesthetic gases

COMMUNICATIONS

Paging
Al&r:lllS
Radio
PA Systems
Nurse's Call
IntercOlll Systems
Program Systems
Radio lie TV Equipment-Amplifiers

MEDICAL SYSTEMS

Fixed
Autoclaves
Film developers
Sequential multiple analyzer

Portable
Free stanciing or wheels
Dialysis units
Appliances
Laboratory/medical equipment
Medical monitoring equipment
Beds, stretchers, carts, food

service units
Medical Stores and Supplies

Drugs and medications
Chemicals
InstrUlll8llts
Linens
General supplies

Medical Records

.AllCHITECTUllAL SYSTEMS

Or:aameatations
Office Equipment
Storage Racks. Bins.
Lockers

Operation Blocking
Hazards

Maintenance/Repair: Shop
Equipment and Tools

Maintenaace/Repair: Stores
and Supplies
Maintenance/repair: parts
Housekeeping supplies
Baergency tools

OTHBll EQUIPMENT

Prox:lmity to Critical
Equipment

Expensive Equipment
Non-Emergency Power:
Sewer
Kitchen Equipment
Laundry Equipment
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directly frOlll consultants reports, but with no allowance for increased costs
since the c0lllp1etion of those reports. Furthermore, the costs include allowances
for correcting priority nonstructural items.'l'inally, the methods of correction
were not necessarily the most econOlllical because of VA's emphasis on minimizing
the disruption to operations.

A series of histograms was presented in Figures 6 through 10 in an attempt
to identify those factors that contribute to high costs. Figure 6 showed that
the cost of reinforcing most buildings, including those housing patients 24-hours
a day, is $lO/square foot or less. Approx:lmately 30 per-cent of all buildings
can be corrected for $5/square foot or less.

Figure 7 showed that most buildings are two or less stories in height and
bave a floor area of less than 80,000 square feet. No major distinctions can
be made relating reinforcing costs to either building height or area except
that the average coet: of reinforcing buildings over four stories in height
seemed higher than for the other buildings.

Figure 8 showed a tread towards higher reinforcing costs where Amax is
greater than 0.15 g. This trend would undoubtedly been emphasized if the older
VA hospitals in California had been included in the study.

Figure 9 showed that the average cost of reinforcing masonry bearing wall
construction is $5 to $10 per square foot, whether the floors are concrete or
wood framing. It. review of individual reports confirmed that none of the bearing
wall structures are at high Amax sites. Steel and concrete frames with masonry
infill walls are the most COlllDOIl type of construction in the VA eystea. The
majority of buildings constructed since the 1920' s have frames and infill walls.
The spread in cost may be attibuted in large measure to the absence of a generally
accepted metho of analysis for this type of building.

Figure 10 showed the costs related to various methods of reinforcing buildings
Again, a review of the reports indicated that most of the diaphragm corrections
were associated with masonry bearing walls. Otherwise, most buildings were
corrected by adding either interior or exterior shear walls, or by adding both.

In his analysis of costs, Larrabee ( 7) reported that the cost of reinforcing
Los Angeles schools and VA buildings were COIIIparable, except that when the
reinforcement cost of a school building exceeds 70% to 801. of the cost of a
new building, the school is replaced.. $30 per square foot is about the upper
limit for reinforceaent.

New VA Hospitals cost about $100 per square foot. However, these hospitals
offter the finest hospital facilities and include features such as long span
construction, interstitial space, sophisticated mechanical and electrical
equipment, and so on. Because of the rapid advances of modern medicae, it
is not possible for a layman to evaluate the level of obsolescence and the
need for renovation of a particular hospital building. Thus at the VA, the
engineers provide cost data. the Aclministrator decides, based on advice frOlll
his staff, on the proper course of action.
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3 and 4 story Buildings

1 and 2 story Buildings

30 35

5

40

4b
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) 5

Above If story Buildings

OVer 80,000 Sq. Feet Area
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FIGURE 7 - REINFORCIID COSTS BASED ON HEIGHT AND AREA
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SUMMARY AND CONCLUSIONS

Most of the participants in the Workshop are researchers who will discuss
their latest findings in the field of Earthquake-Relistant Reinforced Concrete
Building Construction. The author therefore decided to present a state-of-the
practice report based on the Veterans Adainistration Earthquake Engineering
Progr_. The _jority of buildings in the VA syst_ are of reinforced concrete
but it was believed that a report including all types of buildings would be
IIIOre meaningful to the Workshop than one dealing with concrete buildings only.

Methods used by the author and consultants to analyze existing buildings
were discussed briefly. A detailed look was taken at _thods of reinforcing
existing buildings and the relative costs associated therewith. Data was
presented cOllparing reinforcing costs with height. area. ground acceleration.
building type, and _thod ofcorrectLon. A few distinctions were ~e ba'H
on the data, but tJae IDOst definitive conclusions that CaD be drawn are that
the cost of reiDlio_t is lower than is geaerally believed.

A _jor need in the field is for a geaerally acceptable _thod of analysis
for existing buildings based upon research and actual performance in earthquakes.
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INTRODUCTION

The repair and strengthening of earthquake damaged buildings and the
rehabilitation and strengthening of existing buildings require distinctly
different considerations leading to appropriate techniques to accomplish the
desired results. The degree of earthquake-resistant capacity that the
structure should have in its rehabilitated condition is also a function of the
political environment occurring after an earthquake or preceding an anticipated
earthquake. A knowledge of structural and material properties of the existing
structure must be evaluated in order to estimate its current strength and the
strength of the structure following the completion of the suggested rehabilita
tion process. The steps necessary for implementation of this decision-making
process and procedures for inspection and evaluation of existing hazardous
or damaged buildings have been studied and reported, for example, by the
Earthquake Engineering Research Institute and by the Applied Technology Council.
In this paper it will be assumed that the existing characteristics of the
structure can be determined or assumed and that the desired level of earthquake
resistance has been decided.

The emphasis of this paper will be directed toward how our current knowl
edge of material and construction techniques can be used to design for
increased earthquake resistance or restoration of the damaged structure with
out increased resistance. First a brief review of materials and procedures
which could be used for repair and rehabilitation will be given and an evalua
tion of some of these materials and procedures will be summarized. The
abridged bibliography is given to provide the interested reader access to many
of the original sources. Finally the outstanding problems which need to be
solved in order to assist the design engineers and building officials in
evaluating the probable success of the proposed rehabilitation and/or repair
will be discussed. It should be noted that a workshop sponsored by the
National Science Foundation which is directed toward this problem will be held
June 9-10, 1977. It is fortunate that the recommendations from that workshop
will be available for our review here. Therefore the recommendations given in
this preprint are expected to be modified before the workshop discussions on
July 12, 1977.

REPAIR EXPERIENCE AND RESEARCH

Damage to reinforced concrete buildings and their members can be caused
by a large number of different events. Some of the most common causes are
differential settlement of the foundations, accidental dropping of heavy
equipment or other objects, local overloads on the structure, explosions,



corrosion or damage caused by spilling of chemicals, fire, and damage caused by
severe winds or earthquake generated ground motion. Most types of this damage
have been repaired by commercial firms and in many cases the repairs have been
completed without consultation with the building official or the public. This
is particularly true for buildings which are not open to the public. These
commercial repair companies have the broad base of experience in utilizing
various repair techniques and unfortunately much of this information has been
held proprietary. However, some of their experiences can be used to study the
repair/strengthening of earthquake damaged buildings and the rehabilitation of
existing hazardous buildings.

Buildings damaged in Chile, Peru, Venezuela, Nicaragua, Guatemala,
California, Alaska, and the Philippines give us many illustrations of what
repairs and strengthening field procedures have been utilized. Only a few of
these repaired buildings have been subjected to a second earthquake of similar
or larger size for which the building had been repaired. In the few cases of
repair/strengthened structures subjected to another earthquake the building was
not significantly damaged in the second event. This is fortunate for the owner
and designer but does not provide field experience with the overload character
istics of the strengthened building. Some post earthquake repairs have con
sisted of plastering over the apparent damage and repainting, some have used
epoxy injection of cracked walls, beams and columns, and others have removed
entire concrete beams, added additional longitudinal steel and stirrups and
recast with new concrete. Sometimes the size of columns and beams have been
increased, shear walls have been added, and in some of. the most advanced repair/
strengthening cases the designers were particularly careful to taper strengthened
portions to provide a transitional change in strength and stiffness from the
unchanged structure to the strongest, stiffest portions of the repaired struc
ture.

The most important decision to be made regarding the repair or strengthen
ing of a building is: What level of strength should the structure as a whole
have? There are essentially three levels of repair/strengthening. The first
is a replacement of the damaged material with new equivalent materials. This
would return the structure to nearly the condition that existed prior to the
damage. The second philosophy is to replace the damaged materials with stronger
or additional materials to strengthen the damaged region. This would cause
local strong spots and may also create locally stiff sections in the structural
framing system. The consequences of these local changes must be carefUlly
analyzed to determine their effects on the overall building behavior. The
third option is to increase the strength and stiffness of the system. This
option could be appropriate for hazardous as well as damaged buildings. In
this last option we have the choice of either increasing the strength of the
members of the existing structural system without a major change in the type of
system or a second structural system can be added to the existing system.
Again, the design of the additional structural system must be done carefUlly
to produce a complete structural system that has the desired strength, stiff
ness, and ductility characteristics.

Characteristics of Repair Materials

Some of the more common materials Which could be utilized for the repair
of monolithic reinforced concrete construction and which have been used in the
past for repairs are (al epoxy-resins, manufactured by various companies, which
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can be used as a pressure grout to fill small cracks, (b) epoxy materials mixed
with the various aggregates to fill large void spaces, (c) Portland cement
concrete, Type III, this high-early strength concrete could be used in normal
casting operations or for pneumatically applied mortar, (d) gypsum cement
concrete, (e) quick-setting-cement concrete, which is a nonhydrous phosphate
magnesium cement concrete, and (f) fiber reinforced concrete. One common
characteristic of most of these materials is their ability to achieve high
strengths very rapidly. For repair and strengthening of existing buildings
the speed of construction is more important than for original construction.

The connection of existing concrete with new materials will have to be
considered. The anchorage of dowels, reinforcing bars, or various mechanical
connections in existing concrete must be developed to insure the transfer of
forces between the old and new materials. Utilization of prestressing to tie
the elements together will not be discussed in this paper. Each of these
materials is discussed with emphasis directed to their individual mechanical
properties. The apparent advantages, disadvantages, and limitations on their
use for various types of repair will be summarized.

~ Epoxy-resins--The epoxy-resins are a manufactured chemical formulation
which consists of an active and an inactive component which are mixed together
prior to application as a bonding agent. The various chemical compositions
of these agents are continually changing to meet new performance requirements.
For structural purposes the material should contain 100% reactive solids.
Detailed descriptions of the epoxy-resins and their recommended uses are avail
able from manufacturer catalogs and will not be repeated here. A procedure
for specification verification and quality control should be established for
the selected material. In general the two epoxy components are mixed imme
diately prior to its application. The viscosity of the mixture and the time
before the material hardens depends upon the characteristics of the agents
being used. The most common of these resins used for building crack repair
have been of the low viscosity type which means that they can be mixed and
pressure injected into very small cracks. A reasonable time before hardening
is needed so that the epoxy has time to completely fill the space between the
cracked surfaces before setting. Upon hardening these materials have a very
strong adhesion to the adjacent concrete and steel surfaces. Typical strength
and stiffness properties of this type of epoxy have been given by Lee.

The higher viscosity epoxy-resin mixtures can be used for surface coating
or for filling larger cracks or larger holes. In addition to the highly toxic
nature of these chemicals it should be noted that the chemical reaction
started by mixing the two components is exothermal.' The heat generated by the
chemical reaction can become excessive, causing a boiling of the mixture if
too large a volume of material is confined without an appropriate way to absorb
the generated heat.

The surfaces to which the epoxy mixture is applied must be clean. Presence
of oil inhibits the adhesion of the material to concrete. Extremely fine
concrete particles tend to form a surface which inhibits flow of the epoxy
mixture through the cracks. It appears that clean breakage cracks are more
easily repaired with the pressure grouting teChnique than would cracks that
have experienced significant numbers of repeated cycles reSUlting in a grind
ing of the cracked surfaces resulting in a very fine powder. The deformations
of reinforcing bars act similarly in pulverizing the adjacent concrete. It



has been stated that cracks smaller than .003 cannot be effectively pressure
injected. The epoxy mixture strength is dependent upon the temperature of
curing as well as during load application. Temperature, time, and strength
characteristics should be provided by the manufacturer.

J£L Epoxy-mortar--For larger void spaces, it is possible to combine the
epoxy-resins, either the low viscosity or the higher viscosity materials as
previously discussed with sand aggregates. This aggregate provides a heat sink
to control the heat generation as well as provides an increased modulus of
elasticity. For example, #4 sand used with a low viscosity epoxy results in
about a five-fold increase in the modulus of elasticity.

The tensile strength of the epoxy-mortar is higher than the standard
Portland cement concrete. The epoxy-mortar mixture has higher compressive
strength, higher tension strength, greater shear capacity, and a lower modulus
of elasticity than Portland cement concrete. Thus, epoxy mortar is not a
compatible stiffness replacement material for reinforced concrete. The change
in mechanical properties of epoxy mortar with large changes in temperature must
be considered when a large volume of replacement material is used. It has been
reported by Plecnik that the epoxy-concrete loses strength and stiffness rapidly
under temperatures as low as 400oF. Therefore it must be fireproofed when
utilized in a building. When the repair/strengthening is only for lateral load
and not for gravity load conditions, fire is not as serious a problem because
the probability of having a large earthquake occur shortly after a severe fire
would be small.

lSL Portland cement concrete--Type III cement for making high-early strength
concrete has been used for normal reinforced concrete placement and gunite
application for many years. The properties of the concrete are described in
the reinforced concrete literature and will not be repeated here.

~ Gypsum cement mortar--Gypsum cement concrete has had rather limited
use for structural application. Typical properties of structural gypsum cement
mortar are given by Lee. There seems to be no advantage to use this material
as a replacement for Portland cement concrete.

~ Quick-setting cement mortar--This relatively new material is patented
by Republic Steel corporation and was originally developed for use as a repair
material for reinforced concrete floors adjacent to steel blast furnaces. Need
for a tough, strong material to carry heavy loads on steel wheels resulted in
the development of this material. Its properties have been summarized by Lee.
This material must be placed and cured in a water-free environment. The two
components consist of a liquid and a dry aggregate and they can be mixed in a
manner similar to Portland cement concrete. Before hardening is complete the
tools can be cleaned with water.

(f) Fiber reinforced concrete--If it is desired to have a material that
is stronger than the original material, particularly in the tension region, it
is possible to use normal concrete or Type III Portland cement concrete as the
basic material and add steel, glass, or plastic fibers in the mixing process.
Properties of this material are given in the literature and will not be
repeated here.
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l[L Mechanical connections into existing concrete--The anchorage of dowels
and reinforcing bars in existing concrete has had a limited amount of study. A
common technique for providing the anchorage uses the following procedure. A
hole larger than the bar is drilled. Epoxy, expansive cement, sulphur or other
high strength grouting material is placed in the bottom of the hole and the bar
is pushed into place and held until the grout has cured. At the present time
the depth of embedment has been taken to be the same as ACI Code 318-71, Section
12.5 and field tests of these embedments have shown that the ultimate strength
of the dowel or bar is developed. Additional tests have shown that a #10 bar
embedded 10 diameters is able to develop its yield strength without pull-out.
In order to develop criteria for a repair procedure, additional experimental
data should be developed to determine what reasonable minimum embedment can be
used with epoxy or high strength grout materials to develop the tensile strength
of the bar;

Mechanical types of anchors use wedging action to provide anchorage. The
manufacturers of these mechanical connectors have specific recommendations for
installation and the strengths that can be developed. A limited number of
proprietary tests on the cyclic load characteristics of these anchors have been
made. A great deal more information is required in order to make specific
recommendations for the use of these type of anchors in earthquake-resistant
modifications.

Techniques for Repair to Original Strength

The decision of which repair technique to utilize for a given situation
depends upon the degree of damage and the level of repair/strengthening to be
accomplished. First we will assume that the level of repair is to replace the
damaged material in order to restore the nominal original strength at the time
of the damage. Further it will be assumed that no special inspection proce
dures are used; only individual observation with some minor mechanical probing
will be used to. decide the degree of damage. The repair techniques will be
described below in groups according to the observed level of damage. Evalua
tion of the success of repair reflects somewhat upon the success of damage
observation.

Damage level - cracks only--If the earthquake has caused cracking in the
concrete and the cracks are reasonably small (opening width of less than 1/4
inch), the repair technique used to develop the strength of the reinforced
concrete element has been pressure injection of epoxy. A procedure for epoxy
injection of cracks is as follows:

First the external surfaces are cleaned of non-structural surface mate
rials so that the concrete surface is open. Then plastic injection ports are
placed along the surface of the crack on both sides of the member and are
secured in place with an epoxy sealant. The center-to-center spacing of these
ports should be between one and 1.2 times the thickness of the concrete element.
However, the spacing is dependent upon the width of the element and whether or
not pressure injection will be accomplished from both or only one side of the
member. After these ports are in place the surface of the crack between the
ports is sealed with epoxy sealant.

After the sealant has cured low viscosity epoxy grout is injected into
one port at a time beginning at the lowest point of the crack in case of a



vertical crack, or at one end of the crack in the case of a horizontal crack.
Working at this port, the epoxy is pressure injected until a bleeding of the
epoxy material is viewed from the opposite side of the member at the correspond
ing port or from the port next higher on the same side of the member. When this
flow is seen, the injection port is closed and the injection equipment is moved
to this next port. As each port is closed the pressure injection moves to the
successive ports above or along the crack. After all of the ports are completed
the final port is closed and all ports remain closed until the epoxy along the
entire crack has cured. This is normally a two-man operation with epoxy injec
tion occurring from one side.

The smaller cracks require higher pressure or more closely spaced ports
to obtain complete penetration of the epoxy material throughout the depth and
width of the member. Larger cracks will permit larger port spacing, dependent
upon the width of the member. This technique is appropriate for all types of
structural elements - beams, columns, walls and floor units. The behavior of
members repaired by this technique in the laboratory and subjected to load
conditions similar to the original damaging conditions has shown that the
failure occurs adjacent to the epoxy repairs. In other words, the repair mate
rial is stronger than the adjacent concrete material. However, the failure
mechanism for the structure has not changed because the new failure is in the
concrete adjacent to the previous failures.

Two other items should be noted. First, if there is a loss of bond
between the reinforcing bar and the concrete through a number of cycles of
deformation, the concrete adjacent to the bar has been pulverized to a very fine
powder. This fine powder effectively dams the epoxy from saturating this
region. It should not be expected that pressure injection of the cracks will
restore the bond of the concrete to the reinforcing steel for this condition.
This and the fact that not all of the small cracks will be epoxy injected
results in a structural system which will be less stiff than the original
system. The decrease in stiffness is the consequence of the small cracks that
are unrepaired and the lost bond between the reinforcing steel and the existing
concrete.

It is appropriate to consider whether this is adequate repair. It has
been shown that the original strength can be developed, although it has been
recommended that only 70 to 80 percent of the original strength recovery be
assumed because of the possibility of lack of penetration of all the cracks in
the section. Because the member was damaged it is probable that the original
section may not provide the sufficient strength for the structure. Therefore,
a technique for strengthening these elements to avoid a similar type of damage
during the next earthquake should be considered.

Large cracks and crushed concrete--For cracks larger than 1/4 inch or
regions in which the concrete has crushed treatment other than epoxy injection
is required. The loose concrete should be removed, leaving only solid concrete.
The material that has been removed can be replaced with new material. A
replacement of the damaged concrete can be made with either an expansive cement
mortar, Type III high-early strength mortar, or other material. The selection
of the replacement material depends upon the desired repair characteristics
as described in the section on characteristics of repair materials. The exist
ing material characteristics must be determined before the repair material is
selected. Since the damage was rather severe, consideration should be given
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to the need for additional shear reinforcement or flexural reinforcement in
the repair region. This can be easily accomplished if the reinforcement does
not have to be developed into the adjacent solid concrete regions. What this
does is make the repair section stronger than the adjacent existing material
and the subsequent failure in the following earthquake would probably occur
adjacent to this repaired region.

In the case of wall and floor diaphragm damage it may be more economical
to add new steel on the outside of the wall ·surface and thicken the wall
surface by an application of gunite concrete rather than trying to repair
the damage to it. This will be discussed in the section on increased stiffness
or strength. The increased weight of the structure caused by adding new
materials must be considered in the re-analysis of the building forces and the
foundation pressures.

Fractured, excessively yielded or buckled reinforcement--In the repair of
severely damaged reinforced concrete members it is possible that the reinforce
ment has buckled, experienced elongation with excessive yielding, or in the
extreme case, may have even fractured. This reinforcement can be repaired by
replacement with new steel, using butt welding, lap welding, or in some cases
by a splice. If practical the repair should be made without removal of the
existing steel. The best approach depends upon the amount of space available
in the original member. It is recommended that additional confinement steel
be added to delay future buckling of the bars in this region. This additional
steel will not substantially increase the strength of the member, however it
will extend its inelastic strength carrying ability.

Evaluation of these techniques--The evaluation of the success of a
specific repair process is a very difficult problem. The determination of the
original damage was recognized earlier as being inaccurate because inspection
techniques utilize visual observation of damage. Based upon these visual
observations a specific repair technique was selected. For example, if the
concrete appeared to have a limited number of cracks without a great amount of
cross cracking reSUlting in loose pieces of concrete the decision probably
would have been to epoxy inject the larger of these cracks and the minor cracks
would be left unrepaired. The epoxy repair by injection can be e~luated by
taking a core of the concrete material and observing the amount of crack not
filled with epoxy material. However, this is not recommended for reinforced
members. From a selected number of samples the success of the injection repair
ing of existing cracks can be judged. However it is impossible to fill very
small cracks and the cyclic breakdown of the bond between reinforcing steel and
concrete does not appear to be successfully repaired by this injection process.
Therefore the structural system will be less stiff than the original system and
depending upon the length of bond breakdown the structural system could also be
weaker than the original system. On the basis of experiences in the San
Fernando earthquake, the City of Los Angeles has recommended that only a 70
percent recovery of original strength by the epoxy injection process be assumed.
This appears to be a reasonable judgment for situations where the damge is
clear.

Next consider the case of more substantial damage
must be removed and replaced with new repair material.
existing material must be determined. Then the repair

where original material
The strength of the

material can be selected



and the reinforcement repaired as discussed. Where stronger materials have
been added as a replacement for the original concrete and more confinement
stirrups were added around the reinforcing steel, the repaired section will be
significantly stronger than the original and subsequent damage will occur
outside this repaired section. Either the adjacent portion of the beam or the
connection will be damaged if the beam is repaired. Where the connection was
repaired by the introduction of stronger material, the failure could occur
either in the columns or the adjacent beams. In recent studies by Lee of the
repair of beam-column subassemblages it was found that when the original failure
was in the connection the repair of this region by stronger materials resulted
in a shifting of the failure into the adjacent beam with relatively stable
force-deformation moment rotation characteristics as expected of a concrete
frame meeting the current ACI/UBC ductile moment frame reinforcement conditions.
In caSeS where the non-seismic moment frame design was used the original failure
was in the beam. The beam end material was replaced with stronger material and
the connection area was not repaired because of the very minor cracking which
could be observed. Retests of these repaired subassemblages showed a very
rapid loss of strength of the subassemblage and severe damage of the connection.
At the present stage of development it appears to be nearly impossible to
predict when the connection will not be adequate for the repaired system.
Without question the inelastic deformation should be made to occur in the beams
or at least in the column sections and not within the connection itself when not
designed for ductile moment conditions. Since failure of the connection forms
a hinge joint which uncouples the intersecting members, the stiffness will
decrease very rapidly.

It is clear that additional research will have to be undertaken in order
to determine the effect of confinement caused by beams and floor slabs framing
in from all directions to the connection region. An interior connection may
have damage that cannot be seen because of its location, or the connection may
be in good condition due to the confinement provided by the connecting members.
It is recommended that when beam ends are severely damaged a significant amount
of the concrete from the connection area be replaced in the process of repair
ing the beam ends. Stronger material should be placed as far as practical into
the connection region as well as into the damaged beam end region. The conse
quence of this could be that the next failure would occur in the columns rather
than in the adjacent sections of the beam. The overall behavior of the repaired
structural system will have to be evaluated to determine the consequences of
having these columns fail.

If the damage is sufficiently widespread throughout the building, it seems
practical to strengthen the system so that in future earthquakes the damage
of the structure can be minimized or eliminated.

Techniques for Repair and/or Strengthening to
Increased stre~nd/or stiffness

If the decision to strengthen or stiffen the building in the process of
repair has been made, a thorough analysis and design of the structural framing
systems should be made during the process of selecting the best technique for
accomplishing the desired increases. The level to which the system will be
strengthened or stiffened must have been made according to established criteria.
The techniques for accomplishing the desired changes can be classified into
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two distinct groups. The first would consist of complete removal and replace
ment by a totally new structural system. The second option would be the addi
tion of a second structural system which would act together with the existing
structural system to accomplish the overall desired strength and stiffness.
with each of these options the existing load conditions of the structure must
be considered at the time of the strengthening. The effect of the additional
structural system must be considered on the behavior of the superstructure
and the foundations of the building. The decision as to the best type of
structural system to use, moment frame system or shear walls at specific loca
tions, has to be made with the same criteria as for an original building.
However, the design is more complex because the local effect of adding elements
must be considered in the overall response of the system.

In the case of removal and replacement by a new system there is little to
be added here to our current construction techniques. Particular care must be
exercised in tying the horizontal floor diaphragms into the lateral force
resisting system. Even if the lateral-vertical load carrying system has
increased strength, if the connections to the horizontal diaphragms are not
adequate, subsequent failures will occur in this junction between the stif
fened system and the existing floor diaphragms. The techniques discussed above
for repair and addition of new materials to damaged regions is applicable to
junction between materials which remain and the new structural system.

The addition of new structural systems to the existing system provides a
more difficult problem. The existing internal stress condition of the members
which are being strengthened must be considered in analyzing the behavior during
subsequent overloads caused by the anticipated earthquakes. Care must be taken
to provide a smooth transition of stiffness and strength in the structural
system just as we would require on any new construction.

Columns and beams--Increases in column size and girder sizes can be
accomplished ~adding additional reinforcement adjacent to the existing
columns, providing sufficient confinement of steel and tying the system together
as with a new construction. Where the existing columns have adequate longi
tudinal reinforcement but insufficient ties, Sasaki has shown that column encase
ment with rectangular or circular steel sections or with steel straps and then
grouted to fill any voids provides the desired shear capacity of the member.
This provides increased ductility for these members. For members expected to
fail in shear, this repair/strengthening procedure was particularly beneficial.

Walls--The most efficient way to increase the stiffness and strength of a
building is to provide additional shear walls or to thicken the existing walls.
Tso, Gyoten, Higashi, Kahn and Plecnik have all provided data on various forms
of incorporating new wall material. Existing shear walls can be strengthened
by supplying new steel on the outside of the existing wall and increasing the
wall thickness with additional concrete usually by the gunite process. Care
must be taken to anchor the ends of the horizontal and vertical reinforcement
into the adjacent columns and beams in order to provide the necessary continu
ity.

Both precast and cast-in-place walls have been studied. Both systems were
tied into the existing beams and columns with dowels or mechanical anchors.
Wing walls and partial opening shear walls were studied. The most important



aspect of these studies which still requires additional research is the develop
ment of reasonable ductility of the shear walls. The slitted shear wall
originated by Muto is one example of what can be done. I expect that other
sessions of this workshop will be discussing this problem. Development of the
wall reinforcement into the boundary elements also needs study.

Evaluation of techniques--With.good material and field control techniques
it may be possible to develop repaired structural characteristics consistent
with the design assumptions. It is hoped that the repair/strengthening can be
evaluated by standard testing methods using samples of the material utilized
in the construction process. All of this seems reasonable based upon the
laboratory experiments reported to date. In order to provide the necessary
validation of these results to actual construction will require experimental
studies of actual field repairs.

PROBLEMS REMAINING

The most significant problems to be solved is the focus of a workshop
sponsored by the National Science Foundation to be held June 9-10, 1977.
The results of that workshop will form the basis for the discussion here. As
a preliminary summary of the outstanding problems to be solved in the repair/
strengthening of reinforced concrete buildings the following are provided.

1. One of the most important areas that needs research at the present
time is damage assessment. Realistic field inspection techniques in addition
to visual techniques are needed to estimate the degree of damage or deteriora
tion of the existing building in terms of potential loss in strength and
stiffness of the elements. This is particularly true in the case of connec
tion regions which cannot be observed because of framing of additional members
from the transverse directions. The effect of small cracks on the overall
strength and stiffness characteristics of the structural system need further
identification. Some research has been done on the loss in stiffness caused
by small cracking. In the case of nuclear power reactors a correlation between
loss in shear strength and the width of cracks has been investigated. It is
hoped that research on real structures can be initiated in order to determine
the loss of stiffness and strength of a structural system with various degrees
of cracking and damage. The development of instrumental techniques for locat
ing and evaluating damage regions deserves a great deal of study. Potential
benefits of such instrumental inspection techniques are clear.

2. Verification that the proposed and laboratory evaluated repair/
strengthening materials and construction techniques are accomplished in real
buildings. It is suggested that a limited number of real buildings need to be
repaired/strengthened and tested to failure.

3. Additional data is needed on the development of dowels and mechanical
anchors subjected to cyclic loading at damage levels.

4. Since new epoxy materials are continually being developed, a testing
standard for both short and long term loading determination of their mechanical
properties is needed. The consequences of these mechanical properties on the
effectiveness of the repair/strengthening procedure must be continuously
evaluated.
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5. Additional research is needed to determine the properties of precast
elements introduced into existing structural systems and the properties of
their connections. Both the connection of precast elements to existing
concrete members and to other precast elements need more development for
earthquake loading conditions.
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INTRODUCTION

During the last 15 years, the art of modeling buildings for dynamic
seismic analysis has advanced from one-dimensional to full three-dimensional
mathematical idealizations. The major factor contributing to this rapid
advancement in the art has been the development of computer programs with a
wide selection of versatile element routines, efficient equation solvers,
and vertually unlimited problem size. These computer programs have not only
provided the means for developing sophisticated mathematical models, but
also served as the research tool in verifying and refining the modeling
techniques.

Even with the advanced computer technology we enjoy today, modeling of
buildings is still more an art than a science. Experience, engineering
intuition, and good assumptions all playa major role in the development of
models that produce realistic results.

This paper will attempt to present the major consideration in developing
a dynamic model such as stiffness, mass, damping, and the geometric distribu
tion of each through the structure. It will attempt to identify the degree of
uncertainty associated with each idealizing assumption and probable influence
on the end results of the analysis performed with the model. Further, it
will identify the areas of research and development needed to improve the
state-of-the-art from the standpoint first, of a structural engineer and sec
ond, of a structural researcher.

CONSIDERATIONS IN SELECTION OF MODEL TYPE

The selection of the mathematical model and its degree of complexity or
refinement is dependent on the following considerations:

1. The complexity of the structure,
2. The accuracy with which physical parameters used in the model or

analysis are known,
3. The type of response to be determined or the information required

from the analysis, and
4. The accuracy of the solution being sought.

Buildings with highly irregular geometry, complex structural framing
schemes, or complicated nonstructural (architectural or functional) require
ments may require three-dimensional consideration in modeling and analysis in
order to capture the significant dynamic response.

The accuracy to which input parameters are known will also affect the
level of model complexity. For example, assume structural mass is estimated

Preceding page blank
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to within 20 percent of actual conditions, stiffness of concrete members
(gross versus cracked section properties) is estimated to within 50 percent
of actual conditions, damping is estimated to within 50 percent of actual
conditions, and the earthquake ground motion is estimated to within 100 per
cent of actual conditions. How significant is the added complex of a three
dimensional model under these conditions of uncertainty if it provides only a
30 percent improvement in accuracy over that of a two-dimensional model? The
general rule followed in design practice is to construct a model and perform
calculations to an accuracy consistent with the input parameters. Here is one
of the major motivations for research to improve and refine the model input
data.

The model type and complexity will also vary depending on the end results
desired from the analysis. A very simple "stick" type model may be used to
represent a structure if only gross response in terms of story forces, shears,
and overturning moments is desired. On the other extreme, a three-dimensional
space frame supporting delicate emergency equipment vital to the function of
the facility after an earthquake would probably require a full three
dimensional model with time history response analysis in order to accurately
compute the structural member Eorces and the motions at equipment support
points. Thus, information required from the analysis will directly influence
the type and complexity of the model, as well as the type of dynamic analysis
(i.e., response spectrum, modal time history, or direct integration time
history) •

The model type selected and its degree of complexity and/or refinement
may be dependent on the level of accuracy sought in the SOlution. If benefits
can be obtained from increased accuracy, then model refinement or increased
complexity is reasonable. Benefits may include increased structural reliabil
ity, increased confidence in a given level of reliability, or perhaps reduc
tion in construction cost. For vital facilities such as hospitals, and civic
nerve centers, which must remain functional after an earthquake, the level of
structural reliability or capacity of the structure to survive a given earth
quake is of major importance. Current equivalent static lateral force design
procedures do not provide a direct estimate of this capacity as demonstrated
by recent earthquakes such as San Fernando. [1,2]

Nonlinear analysis with models possessing inelastic post-yield force de
flection relationships have been used to establish the ultimate earthquake
collapse resistance of structures. I3 ,4,5] These same modeling procedures
have been applied in the design of vital facilities under Collapse Threshold
earthquakes to establish the level of reserve capacity present in the design.
Significant cost savings were possible through the use of these refined models
when the ductility of the structural system was directly taken into account in
resisting the Collapse Threshold event inelastically. [6]

BASIC MODEL TYPES

There is a wide range of mathematical models that may be used to repre
sent flexible structures such as buildings. The commonly used models (shown
schematically on Figures 1 through 4) [7] include:

1. Simple one-dimensional cantilever beam models
2. Two-dimensional frame and shear wall models
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FIGURE 1a FIXED BASE
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FIGURE 1b FLEXIBLE BASE

ONE-DIMENSIONAL CANTILEVER BEAM MODEL
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FIGURE 2
TWO-DIMENSIONAL FRAME AND SHEARWAll MODEL
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FIGURE 3
PSEUDO THREE-DIMENSIONAL BUILDING MODEL



862

FIGURE 4
THREE-DIMENSIONAL STRUCTURAL MODEL

BEAM ELEMENT~



3. psuedo three-dimensional building models
4. Three-dimensional structural models.

These models may be further subdivided into classes based on the physical
properties of mass, stiffness, and damping. For most design purposes, the
mass is lumped at each story rather than distributed through the structure.
The stiffness is distributed and treated elastically. The damping is treated
as velocity proportional and expressed in terms of a critical damping ratio.
This class of model is normally referred to as an "elastic" model or as
a lumped mass, distributed stiffness model.

The other model class is the inelastic or nonlinear model. In this
case structural stiffness of the members is dependent upon a prescribed non
linear force deflection algorithm. Geometric nonlinearity may also be in
cluded in this class of model to account for change in stiffness due to large
deflections. Damping is treated as mass and stiffness proportional. The
distinction between these two classes of models will be specifically noted
throughout this paper.

One-Dimensional Cantilever Beam Model

The cantilever beam is the simplest of all the flexible building ideali
zations. It is conunonly referred to as a "stick" model in the literature.
The total lateral stiffness of the structure is represented by the flexural
and shear stiffness of the vertical beam, while the total building mass at
each floor level is lumped at appropriate heights along the weightless beam
as shown on Figure l(a). For firm soil conditions, the cantilever is assumed
rigidly attached to the ground. For soft soil sites, soil-structure intera~

tion may be modeled by transitional and rotational springs attached to the
base of the cantilever along with a parallel set of dashpots to represent
material and radiation damping effects (see Figure lb).

This simple one-dimensional structural model may be analyzed by hand as
well as by computer to determine its period, mode shapes, participation fac
tcrs, and modal response. Lateral story forces, shears, overturning moments,
deflections, drifts, and accelerations may be computed.

A major drawback with this model is the added analytical work in con
verting story forces and shears into member forces for design purposes. The
story forces or shears must be distributed to each level and each member on
a modal basis (i.e., mode-by-mode), and a modal summation performed to com
pute the member forces. This modal force distribution process may be per
formed manually, or by a static analysis computer program.

A second drawback of the one-dimensional model is that it cannot be
readily adapted to represent inelastic structural behavior except in simple
structural cases such as a single shear wall system or soil stiffness non
linearity. In all other cases where multiple member inelasticity is possible
at a given level in the structure, the single beam idealization cannot pro
vide direct member design forces. For inelastic analysis, the laws of
superposition no longer apply.
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Two-Dimensional Frame and Shear Wall Model

The two-dimensional model of frames or frame-shear walls (see Figure
2(a» is used to idealize a regular building having little torsional eccen
tricity. All the frames and shear walls in one direction are treated as
planar systems tied together at each floor level by rigid links which repre
sent the floor diaphragm (see Figure 2(b». It is assumed that the floor
diaphragms are essentially rigid.

For structures with floor diaphragms that are very flexible relative to
the shear walls or frames, modeling is simplified by uncoupling each plane of
frames or frame-shear walls and performing separate solutions. Tributary
floor areas are used to compute the mass assigned to each frame at each floor
level. Multiple dynamic analyses would be performed, one for each plane of
frames or shear walls.

The key advantage of the two-dimensional frame and shear wall model over
the simple cantilever beam model is the direct input of structural member
properties and direct computation of member forces. There is no need to cal
culate the equivalent cantilever beam stiffness properties or distribute
story forces to the various columns, beams, and shear walls based on relative
member stiffness. The model can also be used effectively for nonlinear
analysis as well as elastic analysis.

As a disadvantage, semirigid floor diaphragms cannot be adequately
represented in the planar frame or shear wall model. A three-dimensional
model is generally required. The solution is also too complex for hand
analysis.

Psuedo Three-Dimensional Building Model

The most commonly used structural model today is the psuedo three
dimensional model shown on Figure 3. The model consists of an assemblage of
two-dimensional frames and shear walls that may be arbitrarily oriented in
plan. The frames are connected at each floor level by a diaphragm which is
assumed rigid in its own plane. The diaphragm is generally assumed to have
no out-of-plane flexural stiffness.

The model may have three dynamic degrees of freedom at each floor, two
translation and one rotation about the vertical axis. Two translational mass
quantities and a torsional mass moment of inertia are computed for each floor
as well as the plan location of the center of mass. Dynamic torsional re
sponse is directly computed in this analysis when all three mass quantities
and their locations are used.

The major advantage of the psuedo three-dimensional building model over
the two-dimensional frame and shear wall model is the direct computation of
torsional response. This model is ideal for buildings with highly irregular
plan dimensions resulting in large eccentricities between center of mass and
stiffness.

The model has been referred to as "psuedo" three-dimensional because
vertical motion is not modeled. Only the two horizontal components of ground
motion are considered directly in the analysis. In addition to this limita
tion, most of the computer programs that solve this problem such as TABS and



XTABS f8 ,9J neglect compatibility of axial deformation in columns common to
more than one frame. This is generally not a severe limitation, except for
tall slender buildings or tube-type structures. The ETABSflOJ program has
incorporated a compatible axial deformation option for common columns.

Further refinement on the psuedo three-dimensional model is required for
buildings with semirigid diaphragms, large open court areas, and mezzanine
levels that are discontinuous between frames permitting two story, laterally
unsupported, column lengths. One program not commercially available treats
floor diaphragms as a series of rigid plates (subdiaphragms) connected by
flexible links. This permits modeling of diaphragms with large openings, or
two-building towers connected by floor diaphragms at one or more levels.

Computer programs currently used to perform the psuedo three-dimensional
analysis with elastic models include: TABS, XTABS, and ETABS. Inelastic
analysis may be performed with the program DRAIN-TABSIIIJ which is about to
be released through the NISEE!Computer Application Department of University
of California at Berkeley.

Three-Dimensional Structural Model

In a full three-dimensional structural model, all beams, columns, shear
walls, and floor diaphragms are represented as three-dimensional members in
three-dL~ensional space. Each structural joint has six degrees of freedom,
three translational and three rotational. Structural mass may be lumped at
each joint throughout the structure in a distributed manner, or it may be
lumped at a few key joints.

A three-dimensional model will respond to vertical as well as horizontal
components of ground motion. Torsion and rocking motion of the structure is
computed along with translation. However, torsional and rocking ground
motion components are not commonly used as input motions to the analysis.

The primary advantages of the three-dimensional model is its ability to
represent an arbitrary structural geometry without restriction of member
orientation and its ability to model virtually all members such as flexible
diaphragms without imposing restrictive assumptions such as rigidity or
extreme flexibility. <

The chief disadvantage of the three-dimensional model is the time in
volved in developing and checking the model, which is generally considerably
more than required to develop the other types of models. The computer costs
for running this type of model is also greater than the simpler models such
as the psuedo three-dimensional.

General purpose computer programs used commercially to perform the 1
three-dimensional analysis on elastic mode15]include: SAP IV, [12] NASTRAN,f 3J
STRUDlrDYNAL,I14] EASE,I15] and STARDYNE.I There are a few general pur-
pose programs capable of performing three-dimensional, direct integration,
time history analyses with nonlinear models; these include: NONSAP,I17]
ANSR-l,[18] ADINA,r 19] and NASTRAN.
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STIFFNESS REPRESENTATION

The total building stiffness is a composite of the stiffnesses from
structural members, such as frames, shear walls, and floor diaphragms, and
from nonstructural elements such as partitions and from the supporting
foundation. To further complicate the problem of modeling, the relative
contribution of structural, nonstructural, and foundation stiffness to the
total model varies with the level of motion (e.g., distortion) produced by
the earthquake. Under small ambient vibrations produced by micro tremors,
all elements in the building remain essentially elastic, and nonstructural
joints and connections between partitions and the structure function together
to form an integral force resisting system. Under these conditions both the
structural and nonstructural elements contribute stiffness to the building.
Under large amplitude motions produced by a major earthquake, the accidental
ties between structural and nonstructural elements may be partially or totally
broken or the nonstructural elements may become damaged resulting in a loss
of stiffness contributed by these elements. Finally, under very large ampli
tude motions, not only may the nonstructural elements be damaged, but there
may be yielding of structural elements as well, resulting in considerable
loss of stiffness and potential collapse.

A similar softening or reduction in stiffness takes place in most soils
during major earthquakes due to large strains or distortion produced by the
seismic waves as they travel through the soil medium. Soil stiffness reduc
tion is highly dependent upon the dynamic stress-strain properties of the
particular soil. As a rough guide the reduction in stiffness may range from
50 to 100 percent depending on the amplitude of motion and soil
characteristics.

Thus, the amplitude of motion is a major consideration in establishing
the appropriate method for modeling of building stiffness. As an example,
the accelergraph records from high rise buildings in the 1971 San Fernando
earthquake when compared with pre- and post-ambient vibration survey data on
the same structures showed a significant lengthening in fundamental building
period and associated reduction in stiffness. Il] For buildings with rein
forced concrete frames as the primary lateral force resisting system, the
fundamental period lengthened by 70 percent[20l and the stiffness was reduced
to one-third of its ambient vibration value. This earthquake stiffness
matched that of the elastic structural frame for the buildings that were
mathematically modeled such as the Muir Medical Center. III All nonstructural
stiffness was apparently lost. For the Holiday Inns at Marengo and Orion and
the Bank of California, loss of stiffness from nonstructural partitions was
not sufficient to explain the 200 to 300 percent lengthening in fundamental
period.[ll In these buildings, yielding and inelastic deformation developed
in many of the beams and beam column connections.

For buildings with reinforced concrete shear walls as the primary lateral
force resisting system, the fundamental period lengthened 30 percent, [20]
during the earthquake with an associated 40 percent reduction in stiffness.
Some cracking was observed in the lower level shear walls of the buildings,
such as the Ceritified Life Building. [1]



To reiterate, the amplitude of building motion is a major consideration
in the selection of appropriate model stiffness properties. There is no
single ideal model for reinforced concrete buildings that is applicable over
the full range of motion amplitudes from ambient vibration to extreme earth
quake. From a research standpoint, the closest thing to the ideal solution
would be an inelastic structural model which consists of nonstructural par
tition elements that provide stiffness under small amplitude vibrations,
possibly up to one-fourth the yield limit of the structural system. At larger
strains or deflections, the partition stiffness would degrade rapidly to
zero. The structural system would be in parallel with the nonstructural
elements, such as frames or frame walls or shear walls. To model elastic
behavior of the structural system at deflections less than those producing
gross member inelasticity, a variable modulus of elasticity might be used to
approximate the softening characteristic of concrete as micro cracks develop
and expand to form fully cracked section properties. In essence the elastic
concrete structure is really inelastic, even at strains less than yield. As
flexural members go beyond yield and plastic hinges form or as walls crack
and deform in shear, the stiffness of each structural element must be modeled
individually and its history of inelasticity kept on record. Ultimately,
when sufficient numbers of large amplitude inelastic excursions have oc
curred, the member stiffness would degrade and the member would be eliminated
from the structure. Flexural members such as beams might loose all moment
resistance in the process of degradation.

Such an idealized model sounds like a dream (nightmare) to the practicing
structural engineer who is restrained by cost and time limitation to model
the structure in the simplest way possible. However, the nonlinear model
described is within the current state of the art and offers a potentially
useful research tool. In fact, nonlinear soil models have been developed
which permit detailed study of inelastic soil-structure behavior.

structural Member Stiffness

There are several finite element types that are commonly used to repre
sent the stiffness characteristics of structural elements in buildings.
These are beam elements and truss elements. Plate elements are also used,
though less prevalently. The elements depicted on Figure 5 are all available
in most general purpose structural analysis programs.

Truss Elements--Truss or bar elements are used most frequently to model
structural elements such as struts, truss members, unidirectional springs,
and bracing system components. Occasionally it is convenient or necessary to
model a more complex physical system with an assemblage of truss elements.
For example, a model using truss members may be used to represent in-plane
plate or membrane behavior of a floor diaphragm, shear web, or shear wall.

The truss element is generally modeled with linear elastic stiffness
properties. Tests on axially loaded columns have generally shown compression
members to possess little ductility. Thus, it is common practice to design
these members to behave elastically. There is limited theoretical or experi
mental work on stiffness degradation of cyclically loaded bar elements in the
post yield and buckling range.f21]
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Beam Elements--The simplest beam element is one that considers bending
and shear stiffness about only one axis. However, the more general beam ele
ments available in many computer programs model shear and bending behavior
about each principal axis, as well as axial stiffness and torsion. Beam ele
ments in models usually correspond one to one with actual beams and columns
in structural frames. However, they may also be used to synthesize the
stiffness of more complex systems. A typical application'is a series of
beams used in a stick model (see Figure 1) to represent an entire building,
one beam per story or level. Beam elements with shear distortion capability
are often used to model a shear wall or slab for in-plane bending or shear.
Sometimes an array or grillage of beams may be used to represent the trans
verse bending behavior of walls or slabs.

Post elastic flexural stiffness properties of beam elements have been
determined from dynamic cyclic tests. I22] Computer programs are available
for modeling the moment-curvature behavior of two-dimensional beams including
cyclic degradation [23] (i.e., loss of strength and stiffness with subsequent
cycles of inelastic flexural deformation, as shown on Figure 6). Most
ductile-moment-resisting frames are designed under the assumption that plastic
hinges will form in the beams under large earthquake motions. However, no
hinging or inelastic axial deformation is normally permitted in the columns,
which are usually modeled with the same beam elements.

Plate Elements--The triangular and quadrilateral plate elements are used
in the psuedo three-dimensional and the general purpose three-dimensional
computer programs. The in-plane or membrane stiffness of the plate element
is used in modeling shear walls and flexible floor diaphragms. The plate
bending stiffness is occasionally used to mOdel out-of-plane deformations in
floor slabs and walls.

Some programs provide a shear panel element capable of modeling only the
in-plane shear stiffness of walls or diaphragms. There are both elastic[12]
and inelastic[23] versions of the shear panel. The element in DRAIN-2D[23]
possesses an elastic-plastic, strain-hardening, force-deflection algorithm
with a brittle failure mechanism at a prescribed deflection, as shown on
Figure 7. This model does not possess a stiffness degradation algorithm
which would permit closer approximation with current research. [24]

Section Properties

The softening effects produced by crack propagation in reinforced con
crete under earthquake strain have already been noted. Since the full member
length is seldom stressed to cracking, it is common practice in modeling to
work with gross (uncracked) section properties. These are generally simpler
to compute, and provide a shorter period building, which normally results in
higher design force levels under current seismic codes. Cracked section
properties provide a lower limit on elastic member stiffness.

Test data from reinforced concrete frames stressed to just below yield
on the shaking table at the University of California at Berkeley have shown
that the flexural stiffness of members could be approximated by using eight
tenth (0.8) the gross section properties. On the other hand, reinforced con
crete frame structures such as the Muir Medical Center and Sheraton Universal
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Hotel[ll when modeled with gross section properties provided good agreement
with San Fernando earthquake data. Computed force levels in these structures
were above code design level but below yield.

When determining the stiffness properties of concrete T-beams or L
shaped spandrel beams assumptions must be made about the effective cross
sectional area. The width of slab, which directly contributes stiffness to
the beam, is a variable due to shear lag. Under dynamic response some engi
neers believe the effective section to be greater than the limiting flange
widths specified by the ACI code. Others feel the effective section should
be less than specified by ACI because reversal in moments may take place in
the beam at the column supports during the earthquake.

The question of shear lag and effective flange width is equally applica
ble to shear walls that intersect in a common corner. Typical examples are
elevator and stair towers where all the walls are integrally tied together by
the lacing action of the stairs and floor diaphragms. Much jUdgment must be
exercised by the engineer in these cases. Some treat each wall as indepen
dent, neglecting all flange stiffness. Others include flange stiffness, per
ACI limits on flange width. Some tie all the walls together in a single box
to compute section properties. In certain instances the truss-like action of
the stair risers is included in the stiffness calculation.

In developing the stiffness properties for individual members, it is
common practice to work with minimum concrete strengths at 28 days as the
criterion for deriving the modulus of elasticity. We know from concrete test
specimens that the strength at 28 days is going to be well above the speci
fied minimum (or else!). Furthermore, with age, the stiffness increases by
20 to 30 percent. Thus, the modulus of elasticity during the major portion
of the structures life could be 30 to 50 percent or greater than the code
minimum specified for design.

There is a counter influence in certain environments that reduces the
effective stiffness. It is the commonly ignored corrosive attack from en
vironmental conditions which cause the concrete to crack, reinforcing steel
to corrode, and concrete cover to spall away, reducing the effective section
and strength of the members. Classic examples are the concrete structures in
oil refineries next to the sea. The combination of salt water mist and air
borne chemical effluents can age and deteriorate concrete in a short order.

Clear Span or Finite Joint Size

For slender beams and columns with relatively large span-to-column
width (or beam width) ratios, the use of centerline dimensions in modeling
member lengths is generally adequate. However, in most reinforced concrete
structures, the column and beam widths may produce a significant increase in
structure stiffness. Most designers try to incorporate the column width in
the analysis to take advantage of reduced design moments at the face of the
column rather than using the higher values computed at the centerline.

For reinforced concrete frames it is common practice to assume the joint
to be infinitely rigid. Computer programs such as TAB, XTABS, and ETABS[8,9,101
formulate the member stiffness based on the rigid joint assumption. For



programs that do not directly accommodate the finite rigid joint, it is pos
sible to model the member with an equivalent stiffness property incorporating
the rigid joint zone. The Portland Cement Association125] has developed
tables of member properties for beams with rigid end links for use by the de
signer in this situation.

As an alternative, most general purpose computer programs may be used to
directly model the rigid joint by insertion of an additional member at the
joint. This member is given a very large stiffness value, say 100 to 1,000
times the value of the flexible connecting beam or column. Some programs
have rigid link elements in the program library for this application. 112]

Floor Diaphragms--Floor diaphragms are one of the most overlooked and
oversimplified elements of a structure. They range in stiffness from rigid
to very flexible depending on their geometry and their relative stiffness to
that of the lateral supporting system. Diaphragm deflection limits and
span/depth limits have been defined in the Tri Services manual on "Seismic
Design for Buildings."[26] This guideline for classifying diaphragm web
stiffness serves as a starting point for selecting appropriate modeling
assumptions.

For rigid diaphragms all the lateral force resisting elements at the
floor are assumed to deflect laterally the same amount (i.e., for a sym
metrical building without torsion). For flexible diaphragms, it is assumed
that each lateral supporting element of the building deflects independently
without diaphragm intertie. Semirigid and semiflexible diaphragms are those
that have significant lateral deflection, but also have sufficient stiffness
to distribute a portion of the load to the lateral force resisting elements
in proportion to their relative rigidities, The behavior of the semirigid
diaphragm is analogous to a continuous beam on elastic supports. The support
reactions are dependent on the relative stiffness of both diaphragm and
lateral force resisting elements.

In modeling the rigid diaphragm, all lateral force resisting systems are
assumed to deflect identically. Rigid links may be used to tie the system
together at each floor,[12] or the computer program may directly impose this
constraint on all frames and shear walls. [8,9,10] The flexible diaphragm is
modeled by neglecting all force transfer between lateral force resisting
elements and allowing each to move independently.

Modeling of the semirigid and semiflexible diaphragm is more time COn
suming. The actual stiffness and mass distribution along the diaphragm must
be represented by equivalent beams or plate elements. Generally, a three
dimensional representation of the structure is required in this case. Most
engineers would prefer to use a simplifying approximation and bound the
problem. Typically, the semirigid diaphragm would be assumed rigid or the
semiflexible one would be assumed very flexible and eliminated altogether.

The author has studied the dynamic response of semirigid diaphragms
modeled with the various sL~plifying assumptions as well as by the rigorous
idealization. The results of the study (see Figure 8) showed convincingly
that the simplified models could not conservatively bound the dynamic support
reactions computed from the more rigorous model of the floor diaphragm.
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For long narrow diaphrams,perforated diaphragms, and thos.e of unusual
geometry such as "L's" and "T"'s, special studies should be performed to
assure appropriate diaphragm modeling before the full structural model is
developed. Ramped floors in parking structures serve as diaphragms and may
also act as a truss system. It is common practice to ignore the stiffening
effect from floor diaphragm truss acti.on in modeling parking structures. The
significance of this effect on design needs further study.

Nonstructural Elements

Walls, partitions, stair risers, etc., which are not part of the struc
tural system, can still participate in the overall structural stiffness.
Normally, these nonstructural elements are ignored when developing the stiff
ness properties for the structural analysis. The City of Los Angeles cur
rently requires that all major nonstructural frames or poured-in-place parti
tionsbe included in structural models when computing the fundamental build
ing period. However, the nonstructural stiffness and strength is excluded
from the model when it comes time to distribute the design forces.

MASS REPRESENTATION

Distributed mass properties can be mathematically represented as con
tinuous quantities in a continuous media. However, in discrete coordinate
problems, mass properties must be discretized. Mass may be either lumped at
the nodes in some arbitrary fashion, Or the distributed mass within indi
vidual finite elements may be computed as a lumped mass using the consistent
mass method.

Lumped Mass

In the lumped mass representation, inertia properties are concentrated
at the nodes. These inertia properties may be translational masses or rotary
inertias if rotational degrees-of-freedom are considered in the dynamic
model. The connecting elements and space between nodes are assumed to be
massless which means that any mass associated with the elements is assumed to
move effectively as a rigid body with the mass points (degrees-of-freedom)
at assigned nodes.

The method of lumping masses so that the dynamic behavior of the model
accurately represents the continuous real structure is as much an art as a
science. In buildings, the mass of floors and walls is usually assigned to
appropriate dynamic degrees of freedom on a tributary area basis. In one
or two-dimensional models, the entire floor mass is lumped at the center of
gravity of the floor plane. In these cases it is generally necessary to
assign a rotary inertia to the torsional degree-of-freedom in order to cal
culate the torsional response of the structure.

All permanent weight that moves with the structure is lumped at the
appropriate nodes. This weight includes the dead loads of structural ele
ments; architectural systems, such as ceilings, facades, partitions; and
mechanical systems, such as piping, equipment, etc. To account for possible
live loads present in the structure, it is common to include 20 percent of
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. Il,7,27]
the design live load as part of the computed mass property. For
warehouse structures, all of the live load is included in the structural
mass.

Torsional Mass

To establish whether torsional response will be significant and should
be represented in the structural model, most engineers use the torsional
eccentricity in the building as a guide. This is the computed distance
between center-of-mass and center-of-rigidity or center of translational
stiffness. If the eccentricity is less than 5 percent of the plan dimension
of the building in the direction of eccentricity, torsional response may be
arbitrarily neglected by the engineer. For eccentricities over 5 percent,
torsional effects generally will be included in the model. For eccentrici
ties 10 percent or greater, torsion should definitely be modeled.

There are situations where torsional effects may be significant, even
though the computed torsional eccentricity is very small (less than 5 per
cent). If the natural period for the torsional mode is close to the trans
lational mode, the two modes of response can reinforce each other resulting
in large torsional response. From a practical viewpoint, it is wise to in
clude the torsional effects in the model of any major structure in which a
dynamic analysis is performed.

Symmetrical structures with large live load masses such as warehouses
represent an interesting study in torsional effects. If the structure could
be partially loaded in a highly unsymmetrical live load placement pattern,
torsional effects should be design considerations.

Rotational Inertia

Rotational inertia mass of a building floor about a horizontal axis is
normally neglected in conventional building design. The author has found
the effect of rotational mass on building periods to be negligible. How
ever, for inelastic structural models, the presence of large rotational in
ertia masses at the member joints can have a very marked influence on the
post-yield response of the structure.

DAMPING

Energy dissipation in the form of damping is normally idealized in
linear elastic dynamic analyses as viscous or velocity proportional for con
venience of solution. Physically, damping in structures may be a combination
of structural damping and Coulombic friction. As an indication of normally
accepted values for material damping, the partial list from Newmark and
Rosenblueth, page 422, is reproduced in Table 1. Damping is highly strain
dependent as well as the material dependent. The damping values in Table 1
are applicable at various strain levels in the structural members up to yield
stress. Beyond yield, hysteretic damping becomes a major source of energy
dissipation and should be modeled directly with a nonlinear force deflection
algorithm.



TABLE 1

TYPICAL VALUES. OF DAMPING
(After Newmark and Hall) [28]
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Stress Level Type and Condition of Structure

Percent
age of

Critical
Damping

1. Low, well below proportional
limit, stresses below 1/4
yield point

Steel, reinforced or prestressed
concrete, wood; no cracking; no
joint slip

0.5-1. 0

22. working stress, no more
than about 1/2 yield point

Welded steel, prestressed con
crete, well reinforced concrete
(only slight cracking)

Reinforced concrete with consid- 3-5
erable cracking

3. At or just below yield
point

4. Beyond yield point, with
permanent strain greater
than yield point limit
strain

Welded steel, prestressed con
crete (without complete loss in
prestress)

Reinforced concrete and pre
stressed concrete

Reinforced concrete and pre
stressed concrete

5

7-10

10-15

5. All ranges; rocking of
entire structure*

On rock, v >1800 m/sec 2-5
s

On firm soil, v ~ 600 m/sec 5-7
s

On soft soil, v <:600 m/sec 7-10
s

*Higher damping ratios for lower values of shear wave
velocity v

s
.
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Nonstructural elements, such as masonry partition walls, provide a sig
nificant amount of damping which is normally neglected in the modeling
assumptions.

FOUNDATION MODELING

Ground motion records used for seismic analyses are usually considered
free field motions, i.e., free from the presence of structures. Studies have
shown that the presence of a normal structure (such as a frame structure) on
firm soil does not significantly modify the ground motion at or adjacent to
its base. However, the dynamic response of a stiff, massive structure sup
ported on relatively soft soil may significantly alter the ground motions
from those in the free field.

The effects of soil-structure interaction become more important in
reducing building periods and modifying dynamic response for heavy structures
which are stiff relative to the soil on which they are founded. For example,
massive rigid buildings with shear walls or braced frames on soft soils will
be good candidates for showing significant effects from soil~structure inter
action. The certified Life Building, a shear wall structure in which strong
motions were recorded during the San Fernando earthquake, exhibited 30 to 40
percent longer period characteristics than predicted from the idealized model
of the structure with a fixed base foundation constraint. The difference was
attributed[l] to the soft soils and pile-supported foundations which inter
acted with the soil to produce a longer period system.

As a rough guide to whether soil-structure modeling is warranted, the
following criteria have been suggested. Include soil-structure interaction:

1. If the shear wave velocity V at the foundation level is
1,000 ft/sec or less[7] and tfie soft soil extends to a depth equal
to the smaller plan dimension of the building

2. If the soil index a given by Veletsos and Meek I29] is less than
20,

a
v

s
fh

where f
h

the structure's fixed base first natural frequency, and
the height to the centroid of inertia forces for the
first mode of the fixed base structure.

The major effects of soil-structure interaction are to alter and
lengthen some of the natural periods of the structure, and to modify the
dynamic response of the structure, such as accelerations and forces. Whether
this modified dynamic response is less than or greater than that of the fixed
base structure will depend on several parameters.I29] The only truly reli
able way of ascertaining the nature and magnitude of this modification is to
analyze the structure using a model that includes the effects of the soil
stiffness and energy dissipation characteristics, and compare this solution
to the results of an analysis using a fixed base model.



Elastic Half-Space Method

There are essentially two commonly used approaches to modeling the
stiffness, inertial, and energy dissipation characteristics of the soil. The
first of these is referred to by several names, including the continuum
approach, the compliance method, the impedance or spring-dashpot method, the
elastic half-space method, or the lumped parameter method. This method
utilizes equivalent lumped parameter springs and dashpots to model the dis
tributed properties of the assumed uniform soil continuum (see Figure Ib for
an example). Normally translational springs and dashpots and a rocking
(rotational) spring and dashpot are utilized. These equivalent discrete
stiffness and damping properties are derived from continuum mechanics uti
lizing the results of harmonically vibrating rigid circular foundations on an
elastic half-space. [30] The resulting elastic half-space spring and dashpot
coefficients are in general a function of the applied forcing frequency.
However, the frequency dependence of these parameters is commonly neglected.

Recent developments have extended the elastic half-space method to
include consideration of layered sites I31] and in an approximate manner, the
effects of foundation embedment. [32] Also, the development of lumped param
eter springs and dashpots from visco-elastic half-space theory rather than
the elastic half-space has been suggested by Veletsos and Verbic. [33]

Finite Element Method

For complex soil layering (particularly nonhorizontal layering), for
embedded foundations, for foundations of complex or irregular geometries, for
flexible foundations, or where multiple structures are founded adjacent to
each other, the continuum or elastic half-space method may not satisfactorily
or reliably approximate the effects of the soil. In such cases, the second
main approach to modeling the effects of soil, namely the finite element
method, is utilized.

There are several possible ways in which the finite element method is
applied to soil-structure interaction modeling. One approach is to construct
a finite element model from which the equivalent static lumped parameter
stiffness of the surrounding soil may be determined directly.

The second approach and the most common is to construct a single finite
element model of the structure, foundation, and soil and input the free field
ground motion at the boundaries of the soil model. The typical soil-struc
ture interaction problem is in reality three-dimensional. Although use of a
true three-dimensional finite element model for a structure and the under
lying soil is theoretically feasible, such models are usually impractical or
excessively expensive. The only major exception is when the structure is of
such a nature as to permit modeling by use of axisymmetric elements. The
prime example of 'such a structure is one that is cylindrical, such as nuclear
containment vessel. with this important but unusual exception, most finite
element models of structure plus soil are necessarily two-dimensional, and
utilize plane-strain elements to approximate the soil continuum.
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Typical two-dimensional nonlinear finite element programs that solve
dynamic problem in the frequency domain are LUSHI34] and FLUSH.I35] For
axisymmetric structures modeled with finite elements consisting of shells
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solids of revolution, the elastic time-domain solution may be solved on
ASHSD-2[36] and the equivalent nonlinear frequency domain solution with
ALUSH.137] If the problem is small or the budget large enough, the three
dimensional soil-structure interaction problem may be handled with programs
like SAP rv112] or NASTRANl13] in the time-domain with elastic models 'or
with NONSAP[17] or ADINA119] for inelastic models.

Foundation Modeling Assumptions

For conventional frame buildings On medium-to-firm soils, soil-structure
interaction is normally neglected. For shear wall structures on soft soils,
modeling of soil-structure interaction by the lumped parameter approach is
becoming more common. Generally strain-dependent dynamic soil stiffness
(shear modulus) and damping properties are established for the site soil
profile through a combination of field exploration, laboratory testing, and
computer analysis. The profile is modeled as a one-dimensional shear beam,
and the design earthquake motion is used as input to the solution. The
typical program used in this analyses is SHAKE. 138]

Equivalent elastic springs and dashpots are evaluated for modeling the
soil stiffness and damping by elastic half-space methods. The dashpot damp
ing property is usually the combination of material damping in the soil at
earthquake strain levels along with radiation damping. The different damping
in the soil and structure generally presents a problem in the linear elastic
analyses, if modal damping is required as input to the computer program.
There are approximate procedures for solving the problem. [7] However, work
needs to be done to make variable material damping a more readily input
parameter to computer programs.

The elastic half-space solution assumes a rigid foundation on the sur
face of an elastic media. For most spread footings, this is a fair approxi
mation. For flexible mat foundations, the approximation is crude. Further
more, for buildings with two or three basement levels, the footing can no
longer be considered on the surface. In addition, basement walls must be
designed for dynamic soil pressures under earthquakes. The only valid
method for representing the wall, embedded footing, and soil stiffness is
with a finite element model in this situation.

Another foundation system that has been very grossly modeled for earth
quakes is the pile foundation. Little has been done to develop field and
office methodologies for defining the lateral and axial deformation rela
tionship for piles under earthquake when the surrounding soil stiffness is
reduced due to the large seismic strains. Analytical methods for modeling
the nonlinear soil stiffness and damping behavior along a pile have been
recently proposed, and methods for modeling soil distorton along the free
field boundary of the pile have been developed. 139] However, the field and
laboratory test procedures to develop meaningful parameters for computer
input have not been fUlly demons.trated.



SUMMARY OF MODELING UNCERTAINTIES

Some of the major areas of modeling uncertainty and general assumptions
have been pointed out in this paper. There are many others which the reader
should add to the list from his personal experience. The following is a sum
mary of the major areas where further research and development would have the
greatest impact on modeling of reinforced concrete buildings.

1. Diaphragm modeling--Methods should be developed for properly
identifying the degrees of diaphragm flexibility for selection
of the appropriate modeling approximations, such as semirigid,
flexible, etc. Improved computer programs need to be developed
which permit the minimum of added input data to model flexible and
perforated diaphragms.

2. Section property--Refinements need to be made in the assumptions
used to establish effective section properties in reinforced
concrete members. The appropriate section is dependent on de
flection or distortion in the member as the section cracks, but
in addition there is uncertainty over what the effective
section should be when modeling "T" beams, "L" shaped spandrals
and intersecting walls.

3. Nonstructural members--Further definition and research is needed
in the stiffening and damping which nonstructural elements may
contribute to a structure in terms of period, mode shape, and
force redistribution. Also, what is the form of nonstructural
stiffness degradation? Is it abrupt, forcing the structural
system to absorb large impact loadings or is it gradual?

4. Structural damping--Damping has a major effect on dynamic response
and is one of the more significant areas of modeling uncertainty.
We know certain concrete materials have higher damping character
istics than others. Have we pushed the state-of-the-art in this
area to the limits of current technology? Are there concretes
which could deliver damping values as high as 15 or 20 percent, at
strain levels approaching the yield point in steel reinforcement,
without losing the present qualities of strength and ductility?

Are there ways of developing better estimates of damping in the
higher modes of vibration? San Fernando earthquake data from the
instrumented buildings showed a trend toward reduced damping in the
higher modes. II]

5. Soil-structure interaction--Soil stiffness, mass, and damping are
all vital elements in the earthquake response of buildings. Cur
rent building codes recognize site-structure resonance as a design
consideration. proposed building codes suggest inclusion of soil
stiffness in structural period calculations. Further work is
needed to establish the overturning resistance contributed by
soil inertia around footings and piles, the potential benefits
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of hysteretic damping in the soil at large deformation, the
softening of soil stiffness properties under foundations at
large earthquake strains, and improved testing procedures for
defining the nonlinear characteristics of soil required for
meaningful modeling. There are many fruitful areas of re
search in soil-structure interaction which could significantly
improve the accuracy of analytical models and improve our
understanding of building-foundation behavior.

6. Mass properties--Building mass and its distribution are commonly
thought to be the best defined quantity of all the modeling
variables. This may be true for the majority of structures.
However, the light high-rise structures currently under con
struction may be very sensitive to live load mass redistribution.
Torsional effects under variable mass distribution need to be
examined and guidelines developed for engineers performing
dynamic analysis. No accidental mass eccentricity is considered
in most dynamic solutions.

7. Inelastic properties--There are still major areas of research
required in defining the nonlinear stiffness and damping charac
teristics of structural and nonstructural elements. Once the
force-deflection relationships are established, research should
be devoted to the modeling of failure mechanisms and damage
states. As engineers we will be required in the future to
provide better estimates of what the economic trade-off is
between initial construction costs and earthquake repair costs.
Such cost-benefit analyses are currently being performed with
limited data and approximate models.

In summary, there are still many areas of research and development that
could improve the modeling techniques and refine the idealizing assumptions
used by the practicing structural engineer. We have progressed rapidly over
the past 15 years in the art of structural modeling. Hopefully, research
and technology will permit similar advances over the next 15 years.
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I. INTRODUCTION
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I. A. General Considerations

In the present report, modeling will be considered to be the process of
representing prototype reinforced concrete (RC) bUilding behavior with mathe
matical equations.

Design engineers, building officials, and structural analysts have differ
ent motivations for modeling. The design engineer uses modeling to satisfy
himself that the selected configuration satisfies the load and serViceability
reqUirements. The building official wants modeling to prove that the proposed
structure satisfies code requirements. The analyst is more interested in the
veracity of the model.

The three engineering groups want the model to prove that there's no chance
for a failure of the prototype, but that's an unattainable goal. The most they
can hope is that the model will reveal a defect in the structure when it is sub
jected to a variety of gravity load, wind load, and ground motion inputs. Pre
sumably, the inputs will exceed the code requirements.

Why is modeling so popular? There are several reasons. It's fast, inex
pensive, and can represent a prototype before it's constructed.

The principal difficulty with modeling is its veracity.

I. B. Individual Judgment in Modeling

The understanding of, knowledge of, and experienee with response of buildings
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is a basic ingredient for modeling. In other words, the numerical results from
modeling are simply a confirmation of what experience tells will occur.

Several corollaries illustrating the need for jUdgment in modeling are now
offered. They are:

1) If the analyst isn't aware of the phenomenon to be represented, he
probably won't find it from his modeling.

2) A mode of failure is easily overlooked and analytically excluded
by the analyst who ian't aware of it.

J) The analyst must decide which phenomena to represent on the basis
of their relative importance.

Judgment comes from exposure to building behavioral phenomena. The number
of phenomena to be represented seems endless. A few are offered at this juncture,
for illustration of the exposure that is required. Some of the offered phenomena
are associated with failure or collapse, while others are related to performance
of the structure while it's operating in the working range. The offered phe
nomena have one thing in common - they're not usually represented in structural
analysis models.

Consider eight modes of behavior which are illustrated in Figs. 1 to 8.
They are:

1. Various forms of buckling (Fig. 1) in reinforced concrete buildings
range from buckling of longitudinal reinforcement to buckling of
elements such as column and walls to buckling of cOlllplete building
systems. Buckling effects are represented in BC design, using the
m&gnifier concept.

2. Dynamic impact between adjacent buildings (Fig. 2) occurs during
earthquakes. The effects of the impact on response of the adjacent
building systems aren't well understood, but it's clear that local
damages occur because of the impact. The problem is avoided through
design; the code requires a separation between buildings whioh will
supposedly keep the buildings apart during earthquake response.

J. Diaphragm deformations (Fig. J) occur when there are in-plane normal
and shear force resultants in the floor system. The in-plane forces
are generated when the floor acts in the load path for the lateral
loads applied to the building. Diaphragm forces are treated in
design by providing appropriate reinforcement.

4. The vertical deflection and rotation of footings will occur under
working loads (Fig. 4). Elastic responses will accompany the work
ing loads. Under severe load conditions, footings may fail according
to one of the following modes: a) permanent deformation of the soil
surrounding the footing, b) lift-off of the footing away from the
soil, and c) shear, anchorage, of flexural failure of the BC footing.
The failure of the footings has disastrous consequences for the build
ing. Footings are designed to operate in the working load range where
their behavior is understood. At ultimate, the behavior is too com
plicated to predict.



The zone of slab adjacent to columns is subjected to moment, shear,
and torque as the building responds laterally (Fig. 5). In design,
it's important to recognize that punching shear failures occur when
there are large drifts. Reversed punching shear may cause vertical
collapse of the slab system. When modeling, the contribution of the
slab system to lateral stiffness and resistance of the building is
usually neglected.

6. Shear failure and hinging (Fig. 6) in beams and columns often occur
when a building is subjected to strong lateral loads. The shear
failure of columns is often fatal for the building. Seismic codes
endeavor to prevent shear failures by providing lateral reinforcement
to prevent the failure. Representation of the failure is not included
in most models.

7. Out-of-plane vibration of the slab and wall systems with natural
periods and frequencies which fall in the same range as lateral
vibration modes of short buildings (Fig. 7). This phenomenon
usually doesn't have significant design consequences but may com
plicate eigenvalue analysis procedures.

8. Overturning forces are a consequence of system moment due to lateral
loads on the building (Fig. 8). Column and wall axial forces and
moments due to lateral loads may be called overturning forces. These
element forces cause axial, hinging, and buckling failures in column
and wall elements. The effect of the failures is: not considered in
analysis models, but designs account for the overturning force
effects.

The above cases show that many things must be considered when modeling is
attempted, and Why understanding of prototype behavior is so essential for
modeling.
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I. C. Objective

Current practi~es in specific aspects of modeling and analysis for RC
buildings are discussed. The present report is limited to discussion of selec
tion of coordinate systems and stiffness models. These are topics which are not
usually discussed in research articles and textbooks concerned with structural
analysis and structural dynamics. The numerical analysis aspects and solution
algorithms with details on eigenvalue methods, nonlinear incremental techniques,
and siinultaneous equation solving are not discussed.

I. D. Definitions

Throughout the present report the terms elastic, inelastic, linear, non
linear, limit state, incremental and dynamic will be used when referring to
modeling and analysis. The following concepts will be attached to each of
these modeling terms I

1. Elastic - material or element which exhibits' a linear relationship
between force and deformation.

2. Inelastic - material or element which exhibits a nonlinear relation
ship between force and deformation.
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). Linear - material, element, or building system which exhibits a contin
UOUs straight line relationship between force and deflection, inertia
force and acceleration, and damping force and velocity.

4. Nonlinear - material, element, or building system which exhibits a
discontinuous and/or curved relationship between force and deflec
tion, inertia force and acceleration, and damping force and velocity.

5. Limit state - internal forces in and applied forces on the structure
when a collapse mechanism is formed in the structural system.

6. Incremental - time or load response history of the structural system
divided into small parts.

7. Dynamic - time history or maximum response of the building system due
to loads characterieed by a time history, e.g. earthquake loads.

II. CONNECTION OF ANALYSIS WITH DESIGN PmLOSOPHY

When the ACI decided to go to ultimate strength design in 196) (1);
it offered formulas for computing the ultimate resistance or capacity of HC
elements. The code did not offer analysis procedures for predicting the
response of the structure in its ultimate state. Instead, the ACI code recom
mended that the design loads should be determined by the theory of elastic
frames (linear analysis) even though limit analysis methods (2-4) developed
for steel and HC structure analysis could have been adopted. In the 19'71
code (5), the elastic frame analysis model continued to be recommended.

Of course the load and ~ factors are used to increase the working loads
up to an ultimate design load level, but still the linear analysis approach
is not consistent with the HC element resistance evaluation procedure.

Why not?

The inconsistency can be demonstrated in several ways. One way is to con
sider first yield versus mechanism formation in elasto-plastic incremental
analysis. Elastic analysis has the capability of telling when initial element
yield will occur. This implies that only one element in the structure has
reached its capacity. Usually, the load can be increased significantly before
enough elements have yielded to form a failure mechanism in the structure.
The elastic analysis does not represent the behavior in the range between
first yield and mechanism formation. The factored version of the elastic re
sult is USUally an untrue representation of the actual force distribution when
the building reaches its failure mechanism capacity.

Why then are these seemingly untrue forces found from linear analysis
sanctioned by the ACI Code?

The elastic frame analysis requires less data and fewer computational
steps. Therefore, the cost is low, more computer programs are available, and
the difficulty 1n using the programs is not so great. For these reasons, most
practicing engineers favor elastic analysis models.

1 Numbers in parentheses refer to corresponding items 1n the Bibliography.



Further, it has not been clearly demonstrated that a better performing design
can be found using nonlinear incremental or limit state models. In other words,
it is feasible to design a building with good performance characteristics using
elastic analYsis methods, so why use nonlinear analysis methods? Furthermore,
many uncertain factors related to nonlinear behavior influence the performance
of prototypes. It may not be accurate to consider just a few of these factors
and it is computationally prohibitive to consider many of the factors.

These are the powerful reasons which are used to justify the continued use
of a procedure which matches ultimate element capacities with factored working
resultants found from elastic frame analysis.

Still there's an uneasy feeling when using elastic frame analysis for
design. The ultimate internal force distribution isn't known. This lack of
information provides justification for use of nonlinear analysis methods in
representing ultimate behavior.

It is known that structures operate at the ultimate levels because of
prototype failures in earthquakes. Then, a principal argument for using non
linear incremental analysis is based on the need to represent the building
undergoing the ultimate response that is likely to occur during a strong
earthquake.

There is nothing in the immedia.te future which indicates that elastic
methods will be replaced by nonlinear methods as the principal analysis pro
cedure to be used for HC design. A significant decrease in computing cost
would make the change more feasible.

Modeling methods are strongly influenced by the choice between linear
and nonlinear approaches. In nonlinear modeling, a great deal of informa
tion regarding material and element properties must be supplied. Also, more
displacement coordinate information is needed in nonlinear modeling because
the patterns of deformation are more localized and complex, e.g. representa
tion of the hinging zone and its growth along an element due to strain harden
ing requires a complicated set of displacement coordinate functions. All of
the adaitional information requires several magnitude increases in computer
storage and computer time for handling.

III. COORDINATE IDEALIZATIONS

It might be better to talk first about material and element properties,
but the structural analyst is also taught to think of the building as a whole
entity. Traditionally, he is educated to select a set of displacement/force
coordinates which represent the building. Sometimes, me selects the finite
element models to be used and then selects the coordinate system. In another
approach he conceives the coordinate system first, e.g. rigid diaphragm three
dimensional idealization. Then he selects the elements to be used within the
coordinate framework.

If a complete job is done, the analyst must consider coordinates and
finite elements at the same time. He must have good judgment to select the
correct elements and coordinates.

It's hard to write about both topics at the same time. In the present
report, coordinate systems are discussed first, but the tie-in to finite element
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considerations is made when necessary.

The purpose of choosing a set of displacement/force coordinates for the
bUilding is to represent the motion and force behaVior of the complete structure.
Here is where knowledge of prototype behavior is essential, because the coordi
nate system must be selected to represent the patterns of displacement/force
which are important in the structure.

III. A. Coordinate Representations for Modeling of Stiffness with Elastic
Behavior

The force-deformation characteristics or stiffness must be accurately
represented by the choice of force and displacement coordinates. Since build
ings are made up from beam, column, wall, floor, and foundation elements, the
logical choice for displacement coordinates are those which represent force
deformation characteristics in all of the building elements.

III. A.I. Two-Dimensional Coordinate Idealizations -

(Fig. 9) of building stiffness are used when the prototype has no twisting.
Separate tWO-dimensional analyses are conducted in each of the two planes par
allel to moment frames and Walls of the building. The planes may be called
principal planes of building motion (Fig. 10). Components of load parallel to
each of the principal planes are used in the analyses. The results of the two
analyses are combined by vector addition to obtain the final biaxial result.

It is common for each node in a two-dimensional idealization to have three
displacement coordinates. Correspondingly, every beam and column element will
have three displacement coordinates at both of its ends. These coordinates will
completely represent the forces and deformations within the elements provided
there are no distributed forces or inelastic behavior between the ends of the
element.

For a two-dimensional analysis in one of the principal directions, ·all of
the frames resisting load in that direction are included in the analysis
(Fig. 11). The parallel frames which are coupled by diaphragms in the proto
type are linked by two-force elements representing the diaphragms. The number
of frames included in the two-diinensional analysis can be reduced if there is
symmetry and/or repetition of properties between parallel frames and diaphragm
deformations are neglected.

If diaphragm deformations are neglected, it is possible to reduce the number
of displacement coordinates in two-dimensional idealizations of building stiff
ness. When the floors are considered to be rigid against in-plane deformations,
then the horizontal motion at all of the nodes on a single floor can be repre
sented by one displacement coordinate (Fig. 12).

When one horizontal displacement coordinate is used to represent motion of
the floor, then axial and shear forces within the diaphragm cannot be recovered
directly by multiplying floor element stiffness by floor element displacement.
However, it is possible to recover the diaphragm forces from equilibrium. The
applied floor lateral load and lateral load carried by each frame or wall is
known from analysis. Using this information, the diaphragm shear forces are
found by writing an equilibrium relation for each frame or wall and adjacent
diaphragms.



In lieu of physical assumptions, matrix methods can be used to reduce the
number of required displacement/force coordinates. One technique for coordinate
reduction uses the equilibrium equations. In static stUdies the equations have
the forms
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[:: ~:] {:: }. {:. } (1)

in which U, F '" displacement and load coordinates where loads are applied;
Ub '" disp!acem~nt coordinates where no loads are applied; Kaa, Kab, Kba,
Kbb '" corresponding stiffness arrays. Eq. (1) can be condensed to the forms

In linear structural dynamics, the similar form to Eg. 2 is (6)

[Maa ]{ u~ } + [Caa ]{Ua } + [Kaa - Kab Kbt Kba ] { Ua } '" {Fa} (3)

in which Ua , Ua '" acceleration, velocity coordinates which have mass, damping
forces; Maa, Caa '" corresponding mass, damping matrices; Fa '" load vector.
For nonlinear problems, the condensation is required in each increment.

The use of Eqs. 1-3 in a numerical analysis context is clear. The benefit
of the exercise in two-dimensional rigid floor idealization is not so clear.
Often a lumped mass associated With the horizontal translation coordinate is
used. It seems logical to associate Ua coordinates with floor horizontal trans
lation and Ub coordinates with vertical displacement and rotation at the nodes.
The condensation of so many coordinates and the complexity of the required coor
dinate numbering scheme make the problem complicated.

The condensation technique is very useful when used in other circumstances.
One valuable application is on finite elements with interior coordinates.

Prototype beam, column, wall, slab, and foundation elements have changing
or nonprismatic geometric properties along their lengths. A typical example
occurring in two-dimensional geometric idealizations for a beam and column
subassembly is shown in Fig. 13.

There are two ways to go when choosing the coordinate representation
for nonprismatic beams and columns. They are (Fig. 13) s 1) represent the
stiffnesses at the end of the nonprismatic element; the algebraic formulas
for the stiffnesses are obtained by a hand calculation method such as moment
area; and 2) represent the nonprismatic element as a collection of prismatic
elements with nodes between each pair of elements. The former is more effi
cient when the coefficients are known. When using the latter, "2)" method,
the interior coordinates are the fIb" coordinates of Eq. 2, while the exterior
coordinates are the "a" coordinates.
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Shear and bearing wall coordinate idealizations which are compatible with
two-dimensional building analyses have three principal forms (Fig. 14) 11) in one,
the wall is made up from vertically oriented beam elements; three coordinates are
used at each element end; 2) in another a panel idealization is used; three coor
dinates are assigned both at the top and bottom of the panel elements; J) the
most elaborate models the wall with planar finite elements; the number and type
or coordinates depends on the type of finite element that is used.

Foundation coordinate idealizations (Fig. 15) compatible with two
dimensional building analyses either model a stiffness property at grade or
represent the soil by a planar finite element idealization. The grade stiff
ness model uses a coordinate system that is compatible with the two-dimensional
structure idealization. The finite element model uses a cooi'dinate system that
is compatible with the finite elements.

Behavior of floor systems under vertical load can be treated independently
from lateral analysis. When considered as separate, it is a two-dimensional
problem. If a plate-bending and beam finite element analysis model is used,
then each node has one vertical translation coordinate and two horizontal
rotation coordinates (Fig. 16). In-plane deformations of the slab are not
considered in the two-dimensional characterization.

III, A. 2. - Three-Dimensional Coordinate Idealizations

Twisting or torsion response occurs when the center of mass and center of
stiffness do not coincide (Fig. 17). This can occur because of building shape,
arrangement of frames and walls, and distribution of mass. A three-dimensional
idealization is necessary when twisting occurs because the motion of the build
ing cannot be represented by superposition of motion in two orthogonal planes.

It is common for each node in a three-dimensional idealization to have six
displacement coordinates. Correspondingly, every beam and column element will
have six displacement coordinates at both of its ends. These coordinates will
completely represent the forces and deformations within the elements, provided
there are no distributed forces or inelastic behavior between the ends of the
element.

If the floor and roof are idealized with shell finite elements, then slab
and diaphragm behavior are simultaneously represented. These elements also have
six degrees of freedom at each node.

A rectangular building (Fig. 17) with symmetry and coincidenoes of center
of stiffness and center of mass has torsional modes of vibration. The torsional
modes are not excited by translational ground motion because of the coincidence
property of the building. A vertical rotation component of ground motion is
the only component that will excite twisting in a building which has the coin
cidence property.

The importance of the vertical rotation ground motion component is not
well established and is neglected in usual analyses. The torsional modes are
automatically computed in three-dimensional analyses, but their participation
factors are zero. Since there is no torsional mode participation, a two
dimensional analysis will provide the same result.

Setbacks cause twisting of bUilding unless they are symmetric (Fig. 18).



Even in the symmetric setback case, three-dimensional idealizations are needed
because the adjacent frames in the principal directions will have different
magnitudes of displacement under uniform lateral load.

Diaphragm or in-plane deformations in floors occur because ofl 1) transfer
of floor inertial loads to frames and walls; 2) compatibility forces which come
from maintaining of near equal horizontal displacement of walls and frames at
each floor level; ) transfer of shear from one vertical wall, bracing system,
or frame element through the floor to an adjacent shear resisting vertically
alligned element; e.g. the staggered truss system. A three-dimensional ideal
ization is needed for representing diaphragm deformations even when planar
motion in the principal planes of building motion occurs. The adjacent frames
lag behind one another due to shear and bending deformations in the plane of
the floor dia.phragm.

If diaphragm deformations are neglected in three-dimensional analysis,
it is possible to reduce the number of horizontal displacement coordinates
to three (Fig. 19). When the floors are considered to be rigid against in
plane deformations, then the two horizontal translation and one vertical
rotation coordinate at each of the nodes on a common floor can be represented
by a single floor node triplet of coordinates consisting of two horizontal
components and one vertical rotation component.

Dia.phragm forces cannot be evaluated when the rigid diaphragm ideali
zation is used. The forces transferred into frames and walls at each floor
level can be evaluated, but the problem of determining the distribution of
diaphragm stress resultants due to these forces cannot be solved accurately
by equilibrium methods.

The condensation techniques used in Eqs. (1-) can be used in three
dimensional analyses. The techniques have the same strengths and weaknesses
as were discussed for two-dimensional models.

For nonprismatic beam and column elements, the three-dimensional coor
dinate idealizations either use the equivalent end stiffness or interior node
coordinate system. The technique was discussed for two-dimensional idealizations.

Wall coordinate idealizations may be generalized to three dimensions. The
coordinate idealizations for the three element types arel 1) beam element with
out-of-plane bending represented by 12 coordinates; 2) panel element - out-of
plane stiffness is not represented so there is no difference between the two
and three-dimensional idealizations; 3) a flat shell finite element idealization
is the same as is used for the three-dimensional floor idealization; both in
plane and out-of-plane deformations are represented; 6 coordinates per node are
used.

Foundation coordinate idealizations in three-dimensions like their two
dimensional counterparts are composed of two basic types: 1) 6 stiffness
coordinates expressed at grade; and 2) three-dimensional finite element model.

In buildings the number of required displacement coordinates goes up
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rapidly in three-dimensional idealizations which use six degrees of freedom at
every node. Compared with two-dimensional idealizations, twice as many coordin
ates are needed at each node. Also, many more nodes are needed because of the
third dimension of the building that is modeled. Even when the rigid diaphragm
idealization is used, three coordinates per node remain to be represented as
system coordinates. Therefore, the rigid diaphragm reduces the required coor
dinates by 50% when compared with the full three-dimensional idealization.

lILA.). Coordinate Idealizations Used in Programs for Representing
Elastic Behavior

Three types of coordinate idealizations appearing in currently used three
dimensional programs can be identified. They are: 1) Type U) - unrestricted
coordinate idealizations (7); Type R) - coordinate systems restricted to build
ing idealizations (8); Type S) - coordinate systems special to specific
individual buildings (9). The list of referenced programs is not purported
to be complete. Instead, the programs referenced are intended to indicate how
currently used programs fit into Type U), R), and S) coordinate idealizations.

When Type U) programs are used, an elaborate coordinate idealization is
possible. In these programs beam, plate, shell, and solid finite elements are
assembled to represent the complex geometry and motion of the structure. The
coordinate idealization is automatically settled by the choice of the finite
elements. An experienced analyst will choose a sufficient number of elements
to adequately represent the structure. An inexperienced analyst either will
choose too few or too many elements. If too few are chosen, then some im
portant pattern of behavior will be overlooked, e.g. see Fig. 20. If too many
elements are used, then several things maf go wrong (Fig. 21): 1) computer
and data preparation cost will be high; 2) the math model will give too flex
ible a representation; ) the fundamental mode shapes will represent unwanted
patterns of displacement; 4) numerical problems will occur in the solution
of equations; 5) too much information will be obtained.

Type R) programs are written specifically to represent building systems (8).
These programs are ideally suited to earthquake modeling of frame and box
systems. The programs contain finite elements which are intended to represent
accurately the behavior of the structural elements which are normally found in
buildings. Displacement coordinates are restricted (Fig. 19) and chosen to
represent only the relevant displacement patterns in the building. In most
instances, this leads to a reduction in coordinates, elements, and computer
costs when compared with Type U)programs. The disadvantage of the Type R)
programs is that important modes of behavior could be overlooked, e.g. the
increased flexibility due to an opening in a wall might be neglected. Here
the maturity of the analyst is tested in a different way. When using Type R)
programs, the analyst must decide if the finite elements included with the
program have geometric and stiffness properties which adequately represent the
elements of the prototype.

With Type S) programs written for special buildings, the programmer and
analyst must work closely together or be the same person. The motivation for
writing Type S) idealizations is to reduce the number of coordinates and
elements to a small number.
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The selection of displacement coordinates which are appropriate for rep
resenting inelastic behavior is more complicated than for representing elastic
behavior. The inelastic force-deflections characteristics of the various
structural elements are not understood except for the simplest beam config
urations. Much more subassembly and full-scale experimental testing is needed
before the inelastic model results can be verified.

In spite of the uncertainties, models have been developed for represent
ing inelastic behavior of certain prototype elements, appropriate coordinate
systems have been chosen, and incremental analyses performed.

In most instances the coordinate systems have been patterned after those
used for representing elastic behavior. That's a logical step, but important
patterns of deformation may be overlooked with these coordinate systems.

III. B. 1, Two-Dimensional Coordinate Idealizations of building stiffness are
used for representing building response when the motion is parallel to one of
the principal planes of motion. It is not correct to combine the inelastic
results for two directions by vector addition to obtain the final element
forces and displacements. There is a strong interaction of the two compon
ents, i.e. the stiffness in one direction is affected by the load and defor
mation in the other direction. The sequence of component application or
loading history also has a large effect on the ~:tiffness. As with linear
modeling, two-dimensional idealizations are not Valid when twisting occurs.

Two-dimensional modeling follows the approach used for linear studies.
The representation of parallel frame systems is carried out, using the two
force element link beams discussed for linear models. Three displacement
coordinates are used at each joint of the frames and walls that are
represented.

For inelastic modeling, it is computationally expedient to eliminate
coordinates which represent insignificant deformations. The coordinate reduc
tion method based on rigid floor dia.phragms can be used effectively in this
regard.

The condensation technique for reducing numbers of displacement coor
dinates also can be used but with some restriction. The method given by Eq. 2
can be used in incremental procedures but the condensation must be performed
in every increment. The Kaa and Kab Kb~ Kba terms will change between in
crements because of inelastic behavior. If the Kaa and Kab Kbt K

ba
matrices

remain constant during the sequence of analysis, then Eq. 2 needs to be used
only once. The former condition will occur when that portion of the structure
associated with coordinates "a" and "b" remains elastic during the simulation.

Beams and columns undergoing inelastic responses have behavioral charac
teristics which resemble those of geometrically nonprismatic elastic elements.
For example, hinging zones which occur where the ratio of applied moment/resistive
moment is approximately equal to unit¥, can be considered as regions of low flex
ural stiffness.
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The hinging zones (Fig. 22) usually have lengths less than twice the beam
depth. Even in beams with prismatic capacities, the hinging zones will occur.
This is true because moment di~ams will vary along the length.

If the beams don't have prismatic capacity, then the hinges will move away
from the usual locations at the ends and at the midspan. It is possible to
represent hinging zones and nonprismatic segments in beams, but some foresight
is required.

Inelastic behavior is modeled in these elements, using many different
coordinate idealization approaches. Two methods (Fig. 23) receiving consid
erable use for beam elements arel 1) the combined elastic and hinged plastic
end element (10, II, 17) and the interior coordinate element (12). The "2)"
method is more powerful than the "1)" method, but it requires more coordinates.

The "I)" method can be used effectively if the moment-rotation stiffness
of the two coupled beam end coordinates can be established for complicated
loading paths.

The "2)" method which uses interior coordinates is simpler to formulate
because it works with segments or zones of prismatic flexural-stiffness. It
chooses an EI for each segment by tracing the average moment curvature his
tory of the segment. A sufficient number of segments and interior coordinates
must be chosen to represent all zones where the capacity and stiffness are
constant and where hinging will occur, (Fig. 23). The number of required
coordinates goes up rapidly, since the additional ones necessary to describe
the inelastic behavior are required for all of the beam and column elements
used in the system. This is one reason why inelastic modeling is costly.
It's really quite wasteful unless inelastic behavior occurs at many locations
in the structure.

Shear and bearing wall coordinate idealizations appropriate for repre
senting two-dimensional inelastic behavior are patterned after elastic-ideal
izations. Beam, panel, and finite element coordinate sYstems have been tried.

Beam and panel models assume a gross element inelastic behavior which
obey complicated force-deflection rules expressed at nodes which are positioned
at floor levels throughout the wall height. These are bending and shear models
with three coordinates at each element end. They are simple models represent
ing complex two-dimensional behavior in the wall. The complexity of wall be
havior is discussed in Ref. 13. The models trade off completeness of
representation for computing efficiency. If the rules were complete and
accurate for representing participation of the wall in building performance,
then it would be safe to use them.

At this juncture, there isn't sufficient data from appropriate tests to
get a complete fit with these models. Current testing is helping to give badly
needed information, but experimental evidence is still not complete because
there are so many different prototype configurations and loading conditions.

Finite element models (25) try to describe behavior at many locations
throughout the wall. The coordinates and mesh must be chosen to represlmt
all of the complex phenomena which occur in a wall. Among these phenomena



are I cracking, reinforcement slip, crushing, buckling of longitudinal bars and
shell spalling in the boundary frame, and slippage at floor construction joints.
It's possible to create the coordinate system that will describe all of these
phenomena, but the nonlinear force-deflection rules are not easily found. In
the end, some sort of system identification method is used to evaluate the par
ameters controlling the rules so that the gross behavior as described by the
finite element model agrees with the gross behavior found from experiments.

The computing cost for the nonlinear finite element exercise is high and
the end product is of questionable value. The beam and panel models will be
more cost effective and more reliable after the force-deflection rules are
known.

Foundation systems can be represented with two-dimensional coordinate
idealizations resembling the ones used for linear systems. To use the "at
grade" model, then inelastic force-deflection rules for the footing and pile
systems must be known. The alternate idealizations by finite elements are
plagued with the same difficulties as those encountered in modeling of walls.

Inelastic modeling of slab systems (14) can be treated with the same
coordinates as were used for linear systems. The coordinate and mesh con
figurations are selected to represent the regions of hinging. The regions
resemble strips of width comparable with the slab depth and running along
yield lines.

IILB. 2. Three-Dimensional Coordinate Inelastic Idealizations are used for
inelastic studies when there are two components of ground motion to be repre
sented or when twisting occurs.

Beam and column elements are idealized for three-dimensional behavior
using two types of coordinate idealizations. Both idealizations use interior
coordinates.

In one (15), the stress-strain history is retained for many locations in
the element. In each increment the tangent modulus of the stress-strain law
is integrated over the volume of the element to obtain the stiffness at the
ends of beam and column element.

The second method (12) uses biaxial moment curvature yield rules for dif
ferent segments along the length. The element end stiffness is found from
condensation.

Three-dimensional coordinate idealizations for diaphragm, shear wall, and
foundation inelastic behavior can be formulated. It is not feasible to attempt
these formulations at this juncture. There will be may uncertainties in the
idealization because of complexity of these important parts in bUilding systems.

III. B. 3. Coordinate Idealizations Used in Programs for Representing
Inelastic Behavior

Type U) programs include NONSAP (16) which is a generalized version of
SAP (7), but with classic inelastic effects represented.

Type R) programs include two- (11, 16, 17) and three-dimensional (12),
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versions.

Type S) programs (9, 15) are especially useful for reducing computer costs.

The principal drawbacks in three-dimensional inelastic programs ares
1) the excessive computer cost for their use, and 2) the doubt that a reliable
result is obtained unless there is experimental verification.

III. C. Mass Coordinates

It is theoretically sound to derive consistent mass matrices (19). When
this is done, there is a matching of nonzero terms in the system mass and stiff
ness matrices, and all diagonal terms of the mass matrix are positive. For
building stUdies, it's not worth the effort, because approximately equal build
ing responses are obtained when the mass is represented with the lumped mass
approximation.

In the lumped mass idealization, positive mass values are assigned to
certain diagonal elements of the system mass matrix. The remaining matrix
elements are zero. The matrix row and column numbers of the nonzero elements
correspond to the translational or rotational components which have mass asso
ciated with them. The translational mass is found by computing the tribUtary
mass for the coordinate. The rotational mass is found by taking the rotational
mass moment of inertia about the corrdinate location.

In most bUilding stUdies, the mass values remain constant. Nonlinearities
due to changing mass will not be discussed in the present report.

III. C. 1. Two-Dimensional Mass Coordinate Idealizations

The mass coordinates are chosen to be compatible with the stiffness
coordinates.

In the two-dimensional idealization, the mass is lumped with the horizon
tal acceleration component at each floor node (Fig. 11). The magnitude of the
lumped mass is found by computing the tributary slab, beam, wall, column, and
nonstructural dead load for the node.

When the diaphragm deformations are neglected, then the mass of the floor
is assigned to the horizontal acceleration coordinate (Fig. 12).

The condenRation technique in its simplest form is given for dynamics
application in Eq. J. In this case there is no mass assigned to the "b"
coordinates. For example, this would occur in the rigid diaphragm assump
tion where the only mass is assigned to the horizontal floor translation
coordinates, Le. "a" would be floor translations, while "b" would be
all others.

When performing inelastic incremental procedures, the condensation tech
nique can be useful for saving core but considerable computation is needed.
Step-by-step incremental equilibrium balance solutions used in inelastic
studies require that equilibrium balance is achieved at all coordinates
including "a" and "b". In contrast with linear solutions, the mass must be
represented at the "b" coordinates because otherwise it will be impossible
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to represent inertia force properly in the eqUilibrium balance equation. A
diverging solution is obtained when the mass from the "b" coordinates is simply
lumped at the "a" coordinates.

In inelastic dynamic studies where interior coordinates are used for beams,
columns, floors, shear walls, and foundations, the equilibrium balance must be
at these coordinates along with the system coordinates which tie the building
together (Fig. 24). .

Vertical acceleration studies of floor systems can be performed with two
dimensional idealizations. Lumped mass and stiffness coordinates must be
assigned to nodes along the beam elements and at interior nodes of slabs. If
that is done, the vibration of floor and beam systems will be represented to
gether with up and down building modes due to lengthening and shortening of
the columns.

III. C. 2. Three-Dimensional Mass Coordinate Idealizations

The system mass is lumped with the three translation coordinates at each
node. It can be automated in the program and be assembled from element mass
matrices. This procedure is valid for beam, plate, and shell element idealizations.

(4)

COM
]M

ez

M
Y

When considering three-dimensional building analyses where the diaphragm
deformations are neglected, the mass of the floor is lumped for use with the
two translation and vertical rotation coordinates. The mass matrix evaluated
at the center of mass (COM) will have the form

[ H
x

in which M, M, M translational x, y and rotational ez masses. Thex y 8Z
rigid diaphragm assumption admits a transformation between COM and floor coor-
dinate point P (Fig. 19). It is

ux 1 0 -y

1 x

COM o o 1 P

in which U , U ,Q = translation x, y and rotation Z displacements; x, Y =x y z
x and y distances from the COM to P. Transformation (5) is used to express
the mass matrix (4) at a coordinate location that is convenient for,use with
the stiffness coordinates.

III. D.

Damping is not usually regarded as a quantity which is directly related
to a. physically identifyable nodal velocity coordinate. Instead, the damping
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energy dissipation is related for computational convenience to the system stiff
ness and mass matrices. In linear studies it's often related to the mode shapes
(20). The generalized damping force for each mode is expressed as a set per
centage of critical damping.

[ C J

For inelastic studies where it's desired to retain the linear mode pro
portional damping concept, a damping matrix can be constructed by "working
backwards" from the generalized damping matrix. Let the damping matrix, C,
be given by

[~] r2A~U)~J [c!]T (6)

in which ~ = matrix of system eigenvectors; ~~, Wi, = percent of
critical damping, natural frequency of mode i. •

The C matrix found in Eq. 6 can be conveniently combined with stiffness
and mass matrices in step-by-step incremental procedures (21) used for rep
resenting inelastic behavior.

III. E. P - Ii. Coordinates

Compressive axial loads in elements tend to decrease their lateral stiff
ness. In buildings, columns and walls are most affected.

A classical stability failure never actually occurs in an RC prototype.
Instead, the axial loads tend to magnify the moments and shears that occur in
the elements. The magnification may cause failure of column or wall elements
or failure of the system (Fig. 1).

The two principal approaches used to treat the problem arel 1) geometric
stiffness matrix approach (22), and 2) P-Ii. shear approach (23). Both methods
do not require modification of the coordinate systems used for representing
two- or three-dimensional elastic or inelastic behavior. Method 1) is more
suited to automatic computation.

III. F. Coordinate Systems for Representing Loads

In usual seismic applications, the loads are due to inertia forces which
come from

(6)

in which M = system mass matrix; U = vector of ground acce1ero-
graph data. The load coordinates coincide w~th the mass coordinates.

Gravity effects are represented as distributed loads on beam and slab
elements. The element end coordinates used for representing elastic behav
ior can also serve for the fixed end forces. The fixed end forces are found
from the principal of virtual disPlacements.

In the event of inelastic behaVior, the gravity loads are conveniently
represented, using the interior coordinate approach. Fixed end forces
representing the distributed load on each of the segments are applied at
the interior coordinates.
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The selection of the coordinate systems is a crucial step in the modeling
process. Engineering jUdgment is required because every building idealization
has unique features. Computer structural analyses programs are heavily used
at this juncture, but the structural engineer is not displaced because of this.
One major contribution he will continue to make is in the selection of the
coordinates to be used in the computer idealization.

IV. SELECTION OF FINITE ELEMENTS

The beam, plate, and solid finite elements used to represent the beam,
column, slab, wall, and foundation parts in the building are fundamental to
the modeling process. The element stiffness forming procedures (21) are used
to find numerical values of stiffness and load to be associated with the dis-'
placement/force coordinates used to describe the structure.

The elements must be selected to represent the patterns of displacement/
force which are important in the structure. The jUdgment needed for selecting
the elements comes from knowing the prototype behavior and what the various
finite elements will represent. Also, experience is needed in selecting the
geometric and material properties used as input for the element stiffness
forming procedures.

IV. A. Elements for Modeling Elastic Behavior

Several important modeling considerations concerned with elastic element
usage are:

1) Type of element to be used, i.e. beam, plate, diaphragm, and solid.

2) Material properties used for the element.

3) Geometric properties of the element, i.e. width, height, length,
area, shear area, moment of inertia, etc.

4) Weight or mass of the element.

It's helpful to discuss the considerations according to the type of element.

IV. A. 1. Beam and Column Finite Elements

These elements are used in two-(Fig. 9) and three-dimensional (Figs. 18 &19)
idealizations. The major difference in the dimensionality is that the former
represents element deformation in a plane, while the latter represents three
dimensional deformation inclUding twist.

Young's modulus, Ec ' is the material property needed for two-dimensional
beam elements which represent bending deformations. If shearing deformations
are represented then Poisson's ratio, ~ , is needed also. For three-dimensional
elements Ec. and » are both needed.

Geometric properties include cross section and length dimensions.



904

The cross section geometric properties to be input may be specified as
literal width and height dimensions or beam theory related area and inertia
properties. If the inertia quantities are input, then a greater range of cross
sectional idealizations is possible, but engineering jUdgment is needed for
computing the quantities.

The basic idealization specified in the ACI Code (5) is based on gross
section. Some of the considerations necessary for choosing cross section dimen
sions are presented in Table 1. Please note that cracked sections are used for
serviceability calculations.

The magnitude of seismic response found, using a linear structural dynamics
model, is strongly influenced by the values of modal periods of the structure.
The effect is strongest when time-history or actual earthquake spectra are used
for inputs. The periods are strongly influenced by the stiffness. Moments and
shears within the linear working range can cause cracking which significantly
reduces stiffness. The reduction in stiffness may cause an increase or decrease
in response, depending upon the properties of· the earthquake. This phenomenon
leaves the engineer pUZZled. Should he use cracked section or gross section
when performing elastic linear dYnamic analyses?

A reasonable solution to the problem is to analyze the building for both
cracked and uncracked properties. For design, the more conservative result
can be used.

In recently advocated long column analyses for unbraced HC frames (23),
the use of inelastic EI values is recommended unless information on inelastic
EI values is not known. In the latter case, an iterative analysis using linear
gross EI values in each iteration is recommended. The El's are as follows:
1) columns - 0.8 times gross Ell 2) beams - 0.4 times gross EI. These re-
duced EI's are intended to represent softening that occurs because of P behavior.

The length geometric properties of the beam and column elements are usually
determined automatically in the programs. Sometimes a foreshortened clearlength
element is used to account for the increase in rigidity through the joint. The
clearlength element is recommended for use in HC modeling, but it does give an
overly stiff representation because of apparent joint flexibilities due to an
chorage slip and shear deformations in the joint.

Two variations of clearlength elements are used: 1) the element stiffness
is computed with the shorter clear length and added to the coordinate stiffness
of the adjacent nodes, and 2) the stiffness computed for clearlength element
is transformed to the adjacent node using an eccectricity transformation sim
ilar in form to Eg. (5). The latter idealization is more correct because it
represents the true connection between rotation and translation at the nodes
and the ends of the clearlength element.

In certain programs the mass and weight of the element is computed. The
only input needed for this is the material density, since the volume of the
element is computed internally. The element mass is then assembled into system
mass coordinates. Problems often arise in this type of mass formulation
because the volume of structure doesn't coincide with the volume of structural
elements used in the idealization.
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The shell elements are used for wall and floor three-dimensional idealiza
tions in which in-plane and bending deformations are to be represented.

If a two-dimensional slab design is to be performed, then plate elements
representing transverse bending may be used. Certain plate elements also rep
resent transverse shearing deformations. These should be used when the span/
depth ratio is less than five.

Young's modulus, Ec ' and Poisson's ratio, » ,are the input quantities
for these elements when gross section properties are assumed. If cracked
properties are assumed, then the input is not so simple. The cracking has a
preferential direction and the element has orthotropic properties. Reinforce
ment also has an effect on the orthotropy. Reference 14 considers some of the
problems which occur.

The geometric inputs for the elements are mostly settled in advance by
the selection of node positions. The only geometric input quantity is element
thickness.

Mass and weight of the elements are computed through density input
quant~t~es.

There are some interesting modeling problems connected with use of plate
elements. The problems focus on selection of elements and coordinate systems
for adequate representation.

A beam and slab system represented by beam and plate elements is an
interesting case for study.

Due to assumptions in finite element theory, the beam and plate elements are
only linked at the nodes. The theory says that beam and plate elements can
deflect by different amounts between the nodes, but in the prototype the two
move together. As more nodes and elements are added, convergence of displace
ments will occur.

Another difficulty that occurs is to decide how to choose the moment of
inertia. of the beams. There is T-beam action between the slab and the beam.
If the beam and slab idealization dimensions are chosen on the basis of nominal
beam and slab cross sectional outlines, then an incorrect stiffness idealiza-
tion will be obtained. A portion of the slab must be counted as flange of the
beam in the region where the top of the beam is in compression. Where the
bottom is in compression, a rectangular cross section must be used. This means
the solution must be known in advance in order to select the correct beam inertias.

One method for doing this is perform the analysis in several iterations.
Each time, the inertia is to change until it matches with the sign of the moment.
The width of the T-beam flange to be chosen has a practical approximate solution
given in Chapter 13 of Ref. (5).

To be correct it is necessary to choose beam element lengths to coincide
with zones of constant sign. The extent of the zone may change between iterations.
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This means new coordinates and beam inertias must be chosen in each successive
iteration. This approach is not feasible for the designer. It is best for him
to estimate the zones of positive and negative moment and choose the inertias
according to the estimate. He then runs the program and uses the resulting
moments and shears.

The plate finite element portion of the beam-slab floor system idealiza
tion requires some consideration. Even though part of the slab is used for
beam flange, the same region of the slab is idealized with a plate element.
This is necessary so that the bending of the slab between the beams is cor
rectly represented.

Another plate-element-related problem of considerable importance is the
shear wall with openings. The particular objective of the shear wall ideali
zation must be established. Two obvious objectives to be considered are:
1) to represent the contribution of the wall to bhe lateral resistance of
the building, and 2) to evaluate the stresses in the wall around the openings.

When working on objective 1) it is desirable to use coarse finite element
grids. In regions where openings occur, it is feasible to use pseudo elements
with a reduced thickness. The thickness of the pseudo element is chosen so
that the stiffness for a pattern of deformation is in agreement between the
pseudo element and a fine grid of elements representing a portion of the wall
which has the same size as the pseudo element. For example, the thickness of
the pseudo element could be chosen so that shearing stiffness of the pseudo
element and the fine grid of elements around the opening shown in Fig. 26 are
in agreement.

IV. A. 3. Diaphragm or Panel Elements

These elements are specifically designed (8) for representing in-plane
behavior of walls. Shear and flexure beam modes are used in the representation.

Material inputs are Eo and }) •

Geometric inputs are by node specification. Also, element thickness is
an input.

Density may also be input for the mass computation.

IV. A. 4. Solid Elements are used for representing general three-dimensional
solid behavior. The elements have been used in ground motion studies (24).

They are rarely used in RC studies because of high computer cost, exten
sive data preparation, and uncertainties in reliability of the results.

IV. B. Elements for Modeling Inelastic Behavior

The principal considerations for various types of finite elements modeling
inelastic behavior were discussed in Section III. B. - Coordinate Representation
for Modeling of Stiffness with Inelastic Behavior. The discussion was presented
in that section because of the strong connection between elements and coordinate
systems. Further discussion is needed, but is of too limited application for
inclusion in the present report.
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The key aspect in element selection is to match the appropriate finite
element with prototype element behavior. Familiarity with finite element
force and deformation patterns and prototype behavior are essential for this
exercise.

V. CONCLUSION

From the present paper on modeling, it is apparent that computer structural
analysis is a basic ingredient of structural engineering design. However, en
gineering jUdgment is still needed, even though the computer approach has been
adopted. In the context of the present paper on coordinate systems and elements
judgment is needed for selection of models to represent accurately prototype
behavior.

The dimensionality of the coordinate system used for representing the HC
bUilding is a basic decision which the engineer has to make. This is the first
of many decisions he makes when modeling a building. Other decisions are con
cerned with types of elements, elastic vs, inelastic behavior, foundation, mass,
damping, P 6 effects, and loads. Some information which is helpful for making
the decisions has been supplied in the present paper.

A lengthy discussion on selection of coordinate systems and elements to
be used in the displacement or stiffness structural analysis approach has been
included. It is emphasized in the discussion that selection of coordinate
systems and elements must be done simultaneously.

The increase in complexity of coordinate systems and elements caused by
choosing inelastic instead of elastic models also has been discussed. Further,
the veracity and feasibility of inelastic models has been discussed. It is
the intent of the present paper to give a balanced view on desirability of in
elastic models. Certainly, the strongest argument in favor of them is their
intent to give an "exact" mathematical representation of the structure during
its final stages of resistance. Still a stronger argment for their use would
be proof that a safer building could be designed when they are used.
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TABLE 1

COLUMN AND BEAM CROSS SECTIONS

USED IN ELASTIC STRUCTURAL ANALYSIS

Structural
Element
Type

Rectangular
Beam or
Column

T-Beam
in Floor

or
Pilaster
in Wall

Rectangular
or T-Beam

Slab System

Purpose
of

Dimensionality Model

2, 3 Strength Design
for Lateral Load

2, 3 Strength Design
for Lateral
Load

2,3 Vertical Load
Serviceability
Analysis

2 Equivalent
Frame Analysis
for Ultimate
Strength Design

Computation of:

I, A, As, J from overall width
and depth

(Gross Properties)

I for bending transverse to floor,
wall (Fig. 2.5A)

I for bending in the plane of floor,
wall (Fig. 25B)

A - average of areas found for
transverse bending (Fig. 25A)

As for deformation transverse to
floor, wall (Fig. 25C)

As for deformation in plane of
floor, wall (Fig. 25D)

J-use T section found in Fig. 2SA
(Gross Properties)

Use cracked section properties for :
when cracking moment, Mcr(S), is
exceeded

Use I and A values from gross
cross sections specified in
Chapter 13 of Ref. (5)
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INTRODUCTION

The development of high speed computer processing and its applications to
reinforced concrete structural analysis are well known and have proven to be a
valuable tool to the practicing engineer. At the same time, however, computer
analysis has created a whole new set of problems that are just now being pain
fully learned.

These comments come from a design office environment; an environment plagued
with short time schedules, limited analysis budgets, projects that change rapidly
and drastically during the design phase, blessed with chief engineers who assume
that all computer analysis is erroneous until proven otherwise, and founded on
the motto that we build buildings, not calculations.

Time and economic restraints on design projects are a fact of life. Cer
tainly, they were the factors that led engineers to the first applications of
computer analysis programs for the solutions of basic problems traditionally
done by more laborious techniques. While computer analysis provides a quick and
inexpensive solution to small and simple problems, any major, complex application
is forced, because of these restraints, to use course building models that leave
us with beam/column models that defy their elastic assumptions and course-meshed
finite element models that do only fairly well at getting around a building's
square corners.

The projects referenced herein are middle-rise (6 to 16 story) concrete
frame/concrete shear wall and steel frame/concrete shear wall buildings. Each
project has occurred in the past five years and each has used varying degrees
of computer analysis. At one extreme is an eleven-story concrete frame/concrete
shear wall parking garage analyzed and designed quicky and efficiently by hand.
At the other, is a fifteen-story steel frame/concrete shear wall hospital that
over the course of its analysis used, misused, benefited from and found the
limitations of a variety of static and dynamic computer programs.

For purposes of discussion, consider the structural analysis task for
earthquake loading in terms of three phases: Overall building response, internal
force distribution to the resisting elements, and local force distribution within
each resisting element. In working with computer analysis in these three areas,
for this class of complex structure, we have encountered serious difficulties in
modeling and achieving sound results for elastic earthquake response. Elastic
structural response to earthquake forces forms the foundation for all current
basic and advanced methods of earthquake analysis. Even the rapidly developing



methodsof non-linear analysis use the basic techniques of elastic structural
response within th.eir iterative processes. For this reason, we find it
important to review, strive for and insist on solutions to these modeling
difficulties before their erroneous effects are lost in the magic box of high
speed processing.

For convenience, consider these problems in two groups; those with under
standable solutions and those solved only by intuition.

MODELING PROBLEMS WITH SOLUTIONS

Dynamic Analysis

Touted as the ultimate analysis procedure for new buildings and the most
reliable measure of an existing building's lateral force capacity, dynamic
analysis has been handed to the profession and the public as the answer to the
earthquake problem. Unfortunately, this analysis procedure, when carefully
applied can only provide a good estimation of overall building response and
possibly a fair representation of internal force distribution. In our zeal to
envelope the force envelopes and derive numbers far beyond the accuracy of
the input assumptions, dynamic analysis denies access to a consistent, stati
cally balanced set of forces from which a designer can study and understand a
building's lateral force resisting system. As a result, we are seeing and often
believing and designing for shears and moments due to fictitious hard spots,
rigid diaphragms, and neglected foundation conditions, all of which can lead to
conservative designs for some elements and dangerous designs for others.

The solution, obviously, is to limit the use of the dynamic analysis
process to the derivation of overall building response. Furthermore, our ex
perience has shown that given the available methods of equivalent static analy
sis that have all ready successfully identified and applied the critical
structural parameters to an approximation of building response, we find the
exercise of dynamic analysis to be, in most cases, an unnecessary process - a
redundant exercise.

Torsional Effects

Engineers have long realized and understood the need for considering the
effects of torsion, both in the resisting and driving sense. As a result,
building code provisions require the consideration of torsion within the resist
ing system, define minimum torsional moments, and require the omission of any
reducing effects. Obviously, no 3D building model nor currently available
dynamic analysis can so thoroughly model material properties, construction
tolerances, mass distributions, element stiffnesses and out-of-phase input
motions to justify neglecting these code provisions. Hence, we are faced with
the menacing task of distilling the actual torsional moments and resulting
shears from any 3D computer analysis by considering the diaphragm rotations and
building geometry, and then make the proper adjustment at the point of design.
Note that attempts to adjust the computer analysis to provide designable numbers
for each lateral resisting element requires multiple runs with a variety of
support and load conditions.

939
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Finite Elements

Two dimensional triangular and quadrilateral elements provide probably
the best deflection and, therefore, stiffness representation for concrete
shear wall and diaphragm elements. Unfortunately, their accuracy and useful
ness depends highly on their number and, therefore, any analysis (especially a
three-dimensional analysis with poor banding) turns into an expensive nightmare.
Furthermore, because concrete design is based on forces rather than stresses,
all finite element stress output must be post-processed into forces at critical
sections - a simple, but very time consuming task.

Program Errors

Because of the complexity of analysis programs and the infeasibility of
completely debugging any program, engineers must constantly be on the watch
for invalid results due to program errors. Care must be taken to check each
analysis to the point of understanding and accepting the results. Admittedly,
the occurrence of a programming error is rare. However, after just four years
of using a nationally promoted program, we uncovered an error in a two-dimen
sional frame analysis that produced a crazy set of column moments while not
disrupting the external or internal static force balance. The error was traced
to a newly instituted (within six months) rebanding technique.

MODELING PROBLEMS SOLVED BY INTUITION

The following four modeling areas, unique to shear wall buildings,
represents a set of problems that raise serious questions about the validity of
any analysis based on elastic assumptions. There are no one shot direct
solutions to these problems. They are only solvable by identifying the bounds
of their uncertainty and designing for the conditions in between. Such solutions
require sound thinking by the designer and make any "one-model-fits-all" analysis
a virtual impossibility.

Member End Joint Size

Given a concrete shear wall with a set of fairly regular openings, it is
common practice to do the lateral analysis with a beam and column model. The
line members normally follow the pier and spandrel centerlines and their widths
are accounted for by rigid arms under the elastic assumption that plane sections
remain plane. This model typically provides good internal force distribution,
outputs results suitable for design, but will probably error substantially in
the overall deflection and, therefore, stiffness of the wall. Such an error
can have substantial effects on the internal force distribution within a 3D
model.

Consider as an extreme example, the l2.2m (40') one-story wall in Figure 1.
As is well known, conventional modeling techniques will result in a stiffer
representation for the wall with a door than without. Obviously, the problem
lies in the neglect of the shear distortion in the panel zone and thru the
spandrel.
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Occasionally, this problem is addressed and the attempted solution involves
shortening the rigid arm as much at 25%, depending on the geometry. While this
adds additional softness to the system, it does so by sloppily replacing the
missing shear distortion with an additional joint rotation.

Effects of Changing Modeling Techniques

More often than not, shear walls tend to have at least two patterns of
openings requiring a change in modeling and a point of transition. This follows
since few buildings support the same function on all their floors.

Consider the concrete shear wall shown in Figure 2. This wall resisted,
along with fourteen other shear walls and concrete frames, the transverse
lateral loads from a 24.4m x 6lm (80'x200') eight-story concrete hotel. The
other lateral elements varied from near solid walls at the ends of the structure,
to flexible concrete frames. Four of the fourteen walls had large changes in
stiffness at the second floor similar to the wall shown.
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The basic model of the wall included a beam and column model in the upper
level and a column and finite element model in the lower levels. Four models,
all based on common assumptions were considered at the transition zone. The
results, as shown in Figure 3, produced a 40% variance in stiffness (measured
at the third floor) and a 100% variance in shear distribution to the second
floor piers. Note that none of the models produced consistently conservative
results for all local elements.

Diaphragm Flexibility

Engineers have, on numerous occasions, witnessed diaphragm damage from
earthquake loading in the form of shear, chord and collector failures. Tra
ditionally, concrete diaphragms in concrete shear wall buildings have been
assumed to be rigid allowing for the internal force distribution to be based
only on the relative rigidities of the lateral force resisting elements.

As is well known, a rigid diaphragm assumption works well in buildings
with regularly placed, full height shear walls of fairly uniform stiffness, and
must be supplemented with flexible diaphragms in areas of major discontinuities
or overall shear transfers.
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Unfortunately, when comparing the results Qf a recent rigid diaphraBm
analysis with a subsequent flexible diaphragm analysis, when only the proper
ties of the diaphragms were changed, we fQund substantial changes in shear
distribution from very small diaphragm distortions.

Consider the model used for the upper stories of a fifteen-story steel
frame/ concrete shear wall hospital. In the upper floors (8-15), the building
consists of a 23.5m x 64.3m (77'x2ll') floor of metal deck with concrete fill with
four main transverse and three longitudinal shear walls. At the seventh floor,
the building grows into an "L" shape that includes the extension of one trans
verse shear wall and the addition of a fourth longitudinal wall. See Figure 4.

A three-dimensional model, with a mathematically rigid diaphragm, and
equivalent columns for shear walls produced a 2000k shear transfer under
longitudinal lateral forces to the new shear wall at the seventh floor, while
creating a shear reversal in the two short longitudinal shear walls. A three
dimensional model composed of the same equivalent columns linked by a finite
element flexible diaphragm model that included all the structural steel chords
and the stiffening effects of the shear walls produced only. a 240k shear trans
fer to the new wall and no shear reversal in the others. This result is no
surprise and is, in fact, what an experienced engineer would have expected and
designed for without a computer analysis. The surprise came from the amount
of diaphragm distortion in the flexible model.

The maximum flexible diaphragm distortion from the rigid diaphragm
position was a little more than 5/16" - far less than the deflection it would
take to close the allowable shrinkage cracks. This certainly raises serious
question about the rigidity of any concrete diaphragm working in a shear wall
system, and warrants a serious review of one of the most common analysis
assumptions made today.

Foundation Conditions

Concrete shear wall buildings, by nature, localize lateral force resistance
within a few elements. Computer models based on full foundation fixity require
near impossible foundation rigidities to prOVide the needed resistance for the
overturning moments. They also drastically underestimate the period of the
building, disrupt the internal force distribution within the building, and the
local force distribution within the lateral elements.

Consider the coupled shear wall in Figure 5. This wall worked with similar
walls in a three wall transverse resistance system for a 21.9m x 60m (72'x197')
steel frame/concrete shear wall building. Because of the perfect opening
regularity, the wall was analyzed with a beam and column model with appropriate
adjustments made for the member end joint sizes. Because of the sensitivity of
coupled shear walls to foundation conditions, three models were studied with a
variety of foundation conditions. As shown in the figure, the overall stiff
ness of the wall varied in excess of 100% as did the spandrel shears. Note also
that none of the models gave consistently conservative results.

945



946

TYPICAL FLOO~ 8-15

DIAt:=>l-lI:2AM DEPL..E:.CTIOI-J
7 T14• FLOO~

IDEALIZED
SEAIeWAL.L.
COl-UMI-.l

TYPICAl- FLOOI< MODEL

~-

JJ
L---~-

7 nJ. FLOOR MODE.L

.. telGiID DIAPHIeAGM

FIGURE. 4
f:1""E"ECT OF DIAP~IeAM Fl-I:XI2>IUT'i'



947

L:-::::-'

~g=~=:=+==+=:=::::::::::::==.-=-
•x.
'«
L
<r

~
I ~I 1L >I.

d)
~

~I
cr
""'T.....Ri~:-

Ii
R

(,"1). ~ \L

Wl:'Z ~ ----l G

~
}-

~ \9 li'I ~ 1.9 \)
QL ill

IL
< IL
uJ u.)

'"' ::I:
<f)

ill

~
oc.
"-.)
:z:
C)
<..)



948

--.-----. ------1------

u..
o
V>
l-

~
\L
lL
III

{f)

z
()
~

a

B

2:-

~5~
<C
L
<t

~
--

~~.~-_-_ _ _. _.1..__ ,

-... .

~-='--"
\\

><.
<C.
2:.
<1



The overall effects of the above ment~oned model~ng problems obv~ously

iepend. on the use of the models and the building geometry. As long as each
Jf the problems is isolated, studied and resolved, a valid analys~s ~s possible.
iowever, if they are allowed to go unresolved, and allowed to interact within
l dynamic analysis, or at the internal force distribution level of static
lnalysis, the results will be the development of fictitious hard spots result
Lng in shear transfers within the building requiring wastefully conservative
lesign in resisting and delivering those shears while at the same time pro
Tiding for nonconsecutive design in the unloaded areas.

CONCLUSIONS

It has been the intent of this paper to review the serious modeling
,roblems inherent in computer analysis of complex structures for elastic
,arthquake response. No reference has been made to specific programs and none
.s intended. These comments are valid for any analysis based on elastic
lssumptions.

Two sets of problems have been assessed. Those with solutions and those
rithout. Under problems with solutions, dynamic analysis as the ultimate
:olution, the nuisance problems of adjusting for torsional effects, the extra
'ork of finite element models and pitfalls of programming errors have been
iscussed. Under problems without solutions, those solved only by parameter
tudies and intuition, the dilemmas of specifying member end joint sizes,
hanging modeling techniques within a lateral resisting element, diaphragm
lexibility, and foundation conditions have been reviewed and demonstrated.

Obviously, considerable work needs to be done in studying and reviewing
he critical parameters involved in each of these difficult areas. Such an
ffort might lead to the development of modeling standards that will speed up
he process of creating usable computer models. Certainly, the application
f our current modeling techniques to the total analysis of complex structures
oes not provide the needed accuracy to support the advanced techniques of
tructural analysis, including non-linear analysis.
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INTRODUCTION

Economical design demands that structures be designed to deform into the
inelastic range when subjected to strong motion earthQuakes. In the inelas
tic range, the six components of ground motion (three translational and
three rotational components) acting simultaneously produce a complex inter
action in the structural response. The columns in a space frame are a good
example. Even if consideration is restricted to the two translational
components of motion in the horizontal plane, the columns are subjected to
biaxial bending. The axial force also varies to some degree due to the
overturning moment. Analytical response studies often deal with only a
single component of ground motion. Likewise, seismic design procedures
usually reQuire only that the effects of a single horizontal component
acting in various directions be considered (in addition to effects of
vertical motion). Our understanding of the effects of inelastic action and
as a result code-specified levels of resistance are based to a large extent
on uni-directional response studies. It is important therefore to know
whether or not two- or three-dimensional excitations produce significantly
larger displacement responses.

Several recent analytical studies [1, 5-9, 11-13] have been directed
toward this end. The great majority of these studies have dealt with single
mass systems subjected to two horizontal components of ground motion, in an
effort to gain a basic understanding of the phenomenon and to identify impor
tant parameters. Results for multistory systems are very meager. The
objective of this paper is to describe and rationalize the general features
of two dimensional (2D) response for single mass systems using both previous
and new results [9] for illustrative purposes.

COMPARISON CRITERIA

The most productive way of gauging 2D response is to relate it to one
dimensional (lD) response, about which much is known. In doing this, it is
convenient to recognize two distinct effects. The first, which might be
called a "correlation" effect, exists even in elastic systems. In ",n elastic
system, two orthogonal components of input to a single mass system produce
two uncoupled orthogonal components of response. The maximum (vectorial
resultant) displacement is greater than or eQual to the maximum response in
either component direction. However, since the input motions are for prac
tical purposes uncorrelated [3], the maximum responses in the component
directions are very unlikely to occur at the same time. It is undoubtedly



this rationale which forms the basis for code provisions. A limited amount
of data indicates that this effect alone accounts for only about a 10 per
cent increase in maximum displacement in both the elastic and inelastic ranges.
The second effect might be called an "inelastic interaction" effect. It
results from a change in the resistance properties of the structure due to
2D motion. For a reinforced concrete column, for example, the moment-curvature
relations for biaxial bending can be significantly different than those for
uniaxial bending.

The response parameter of greatest interest is the maximum displacement
response normalized by the "yield" displacement. This normalized maximum
displacement will be re ferred to as "ductility." In comparing lD and 2D
response, most previous investigations have attempted to isolate the inelastic
interaction effect. Since it is the combination of the correlation and inelas
tic interaction effects which is of importance for design, the response compari
sons in this paper are made in terms of vectorial resultants for 2D response
and the largest of the two individual components for lD response. This also
appears to produce more consistent trends in the results.

EFFECTS OF 2D MOTION

General Description

In general terms, yielding of a dynamically excited single degree of
freedom system with a softening but nondeteriorating resistance curve may
be thought of as producing an equivalent linear system with longer period and
higher viscous damping. This is a well known concept, and when it is used
in conjunction with smoothed elastic response spectra it is useful in rational
izing important aspects of lD inelastic response.

When a system is SUbjected to 2D excitation, it yi~lds at an earlier stage
in the response, and thus the effective period shift tends to be larger than
for lD response. The' effective damping for 2D response may be about the
same as for lD response or it may be significantly less depending on the
hysteresis characteristics of the material. Relating this information back to
a smoothed elastic response spectrum, it would be expected that if the system
elastic period is such that an increase in period produces an increased
displacement response, 2D motion would be amplified compared to lD response.
This should be most pronounced for systems with low elastic period, in the
range of 0.2 to 0.5 sec. The fundamental elastic periods of many low-rise
structures are in this range. Results will be presented in the next section
which show that a significant increase in response can occur for longer periods
as well, so that a criterion in addition to elastic period is needed to define
the possible problem area. Once the displacement response is increased, the
effect of gravity aggravates the situation, and creates the possibility of
collapse. The duration of strong ground motion then becomes an important
factor [2, 10].

Results

No attempt is made to present a comprehensive set of numerical data.
Rather, representative results are selected from several different studies
to illustrate the general trends discussed above.
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The results are all ~or single mass systems supported on a single fixed
~ixed circular column. The variables considered are earth~uake strength
(relative to system strength), elastic period, gravity load, type o~ resis
tance curve, and type o~ earth~uake input (as characterized by several
di~ferent recorded accelerograms). The relative earth~uake strength is
measured by the ratio UE/Uy where UE is the largest o~ the two components
of elastic response of the system (~or the same viscous damping as used in
the inelastic response calculations), and Uy is the system yield displace
ment. When a log-log plot is made with UE/Uy as abscissa and UM/UE as
ordinate, where UM is the maximum displacement response, then lines o~

constant ductility, UM/Uy, are inclined at 45 degrees. The ordinate UM/UE
is a measure o~ intensity o~ output response relative to input. ID elastic
system response plots as a horizontal line UM/UE = 1. 2D elastic system
response plots as a horizontal line UM/UE > 1, re~lecting the "correlation"
e~~ect. Elastoplastic responses approach these values as UE/Uy approaches
1, since the system then remains elastic. For more complex resistance
curves, the force displacement response may not be linear up to Uy, so a
value UE/Uy 2 1 does not imply elastic response.

Fig. 1 shows results [8] for an elastoplastic system (elastic period
0.3 sec, 1% damping) subjected to the Pacoima (1971) accelerograms. Gravity
(P-delta) e~fects are not included.

Fig. 2 Gravity E~~ect in Elasto
plastic System
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In this particular case, the ratio of 2D to ID response increases gradually
with earthquake strength and ranges from about 1. 5 at a ID ductility of 2
to about 1.8 at a ID ductility of 7. Obviously the precise numerical values
depend on many factors, such as peculiarities of earthquake input, and
elastic period and hysteresis properties of the system. The uniform trend
shown is probably also due to the fact that each curve is drawn through
only three data points. In fact, at low values of UE/Uy the magnification
is often not as large as shown in Fig. 1. Nevertheless, it is true that
response magnifications up to about 2 often occur. Studies of elastoplastic
and bilinear systems [5,6,8] have tended to indicate that these amplifica
tions occur only for short period systems, say T < 0.5 seconds. However,
the ranges of parameters in most of these studies were such that only
relatively strong systems in the medium to long period range were investi
gated, with the result that computed ductilities were relatively low. In
addition to the elastic period, a useful'index of the potential importance
of 2D response is the ID ductility as proposed in [1].

The factor of overriding importance is the effect of gravity. If the
ID ductility is large enough so that 2D response is significant, the gravity
effect simply further magnifies the difference. This quite consistent
trend is shown in Fig. 2. The gravity parameter P/KL is the fraction of
elastic critical buckling load, K is the elastic stiffness, L the column
height. For static loading, the elastoplastic system becomes unstable at
a ductility of KL/P. When gravity effects are inclUded, the amount of
hardening in the system and the duration of strong motion are of great
importance [2, 10]. If the slope of the resistance curve after initial
yield is greater than the slope P/L, then instability will not occur.
Reinforced concrete columns often have a equivalent hardening slope of 5 to
10 percent initially which seems to indicate that there is no realistic
possibility of instability since axial loads are not usually large enough
to exceed these values. However, as deformation increases the equivalent
hardening slope reduces drastically so that in fact instability is possible.
The duration of strong motion is of importance since for an earthqUake of a
given intensity, the greater the duration, the greater the chance of exceed
ing the response level necessary to cause instability.

Fig. 3 shows responses to El Centro. (1940) obtained by Takizawa [13]
(no viscous damping) for an elastoplastic resistance curve (labelled "ductile
skeleton") and a multilinear deteriorating resistance curve (labelled
"deteriorating skeleton"). The system elastic period T = 0.3 sec and
P/KL = .006, both based on the initial linear portion of the resistance
curve. Vertical arrows indicate that instability occurred at the next
higher earthquake intensity level. For the deteriorating resistance, care
must be taken in relating these results to those of other studies since the
multilinear resistance curve changes slopes before reaching the "yield level,"
Uy. Despite this, the same general trends are apparent.

Plasticity theory was used in the investigations reported in [5-8,
11-13] to extend the uniaxial resistance curves to two dimensions. This
is a reasonable approach, and is computationally efficient enough to permit
study of a wide range of cases, which is essential if a general understand
ing of the phenomenon is sought. However, when a deteriorating model is
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used [13], the plasticity formulation becomes much more complicated. Aktan
[1] used a realistic model for reinforced concrete, based on a discretization
of the column cross section. Although computational expense prevented a
thorough parameter study, more drastic changes in resistance properties and
greater sensitivity to 2D motion for T > 0.5 sec were observed than for
elastoplastic systems. The excitation levels were rather high in some of
the cases, and a need for further investigation was indicated.

In a recently completed study [9], a computationally efficient model
has been developed for reinforced concrete columns, which allows a varying
axial load. This model is more realistic than that in [1], for several
reasons. First, an improved model for the cyclic behavior of the steel is
used. Secondly, a more realistic variation of curvature along the column
length is assumed. A typical column shear-displacement relation is shown in
Fig. 4. The column, whose dimensions and material properties are given in
[1], is a typical interior column from the Olive View Medical Center. The
axial load on the column is 750 kips which is near the balanced load. The
uniaxial yield shear = 131 kips, yield displacement = 0.93 inches and (secant)
stiffness = 141 kips/inch. The gravity parameter.P/KL = .032 which seems
high in the context of elastoplastic systems. However the average hardening
slope of the shear-displacement curve up to a ductility of 4 is about 10
per cent, and up to a ductility of 8 is about 7 per cent. The same column
properties were used for all response calculations. The column top mass
was adjusted to give the desired elastic period, and the earthquakes were
then scaled to give varying relative earthquake strengths.
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Fig. 5 shows results for the reinforced concrete system with T = 0.4
sec (based on the secant stiffness) for Taft (1952) and El Centro (1940).
Superimposed on the horizontal scale is a scale of clAm where C is the
base shear coefficient of the system (=yield base shear~eight) and Amax is
the peak acceleration (in units of g) of the strongest component of the
ground motion. The general effects of 2D motion shown are consistent with
the elastoplastic models shown previously. The usefulness of lD ductility
[1] as an index for 2D response in reinforced concrete systems is illustrated
by the results shown in Fig. 5. When lD ductility is about 2 or less, the
2D effect is insignificant. This supports the conclusion of [1]. 2D
ductilities of elastoplastic systems (Figs. 1, 3) do not seem to show as
striking a correlation with lD ductilities. Nevertheless lD ductility is a
useful index for elastoplastic systems as well. The effects of the gravity
load are very consistent, so that it can be inferred when difficulties are
likely to occur by an examination of response with the P-delta effect
neglected.

Fig. 6 shows a comparison of reinforced concrete systems with elastic
periods of 0.4 sec and 1.6 sec subjected to Taft (1952). Clearly, the 2D
effect is not confined to short period systems. Elastoplastic systems show
the same effect though perhaps not quite as pronounced, when the relative
system strength is low enough to produce response ductilities greater than
4 or 5.
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Fig. 6 Effect of Elastic Period on Response
Ductilities in Ric System



DISCUSSION

In summary, 2D excitation of single mass systems produces a greater
period shift, which in turn can lead to larger displacement response,
depending to some extent on the initial system period. Gravity loads act
ing through the increased lateral displacements may cause collapse.
Although details of input motion and shape of hysteresis curve playa role,
they do not appear to decisively influence the general trends. The combined
effect of correlation of the orthogonal components of response and of inelas
tic interaction generally appears to increase with relative strength of the
excitation. 2D ductilities about twice as large as ID ductilities are
typical at ID ductilities of about 5 or more.

Since the effect of gravity load is consistent, an examination of
responses without the P-delta effect is sufficient to indicate possible
problems. Two criteria are useful for this purpose: ID ductility and
system period. The most important indicator is the ID ductility calculated
from a one-dimensional inelastic response analysis. If the system strength
is sufficient to restrict the ID ductility to about 2, no difficulties should
occur. In conjunction with this, however, the system period should be
taken into account, since the consequences of a slight underdesign are
more serious for short period (stiff) systems than for long period (soft)
systems .

Although the results presented here are for single mass systems they
suggest that frames resisting seismic loads in both horizontal directions
should be designed so that column deformations do not substantially exceed
"yield." An important factor not accounted for by response studies of
single mass systems is the distribution of inelastic deformation between
girders and columns in space frames. 2D motion alters the distribution from
that resulting from ID motion, since the columns yield sooner in 2D motion.
The few results available for multistory structures [6] indicate that 2D
motion increases column response ductility and decreases girder response
ductility as expected. Preliminary stUdies have been made of axial load
variations due to overturning moment [9]. While a varying axial load does
produce large changes in the restoring force characteristics of a single
column, when these characteristics are averaged over several columns in a
story, the effect on the total resistance curve for the story appears to be
slight. The influence of ground motion characteristics should be more
thoroughly explored. Besides duration and general intensity level of the
excitation, the relative strength of the two components is important.
Important initial studies [3, 12] have been reported, but extensive work
remains to be done along these lines.
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INTRODUCTION

The advent of the digital computer has resulted in an extensive
reorientation of structural theory from hand calculations to computer
methods. Matrix formulations, numerical analysis techniques, and com
puter programming now play vital roles in the analysis of .structures.
In the past twenty years, the state-of-the-art has advanced through the
development of the first static analysis computer programs for the
analysis of frames and trusses to the present programs that incorporate
sophisticated finite elements into linear or nonlinear, and static or
dynamic analysis. The first programs were restricted to relative small
structures with a limited number of joints. In the present technology,
the availability of large, fast computers has increased the size and
complexity of the analytical model to be limited only by the engineer's
imagination and available financing. This leads to the general impression
that today's engineer, armed with the appropriate programs, can develop
highly refined analytical models of structures subjected to various loading
conditions and perform thp analysis quickly, easily, and with a minimum
of errors.

What is the state-of-the-art of currently used computer programs for
the analysis of reinforced concrete structures? Has the"ideal"
program been developed? The answers to these two questions are complex
and should not fairly be answered by a single author. The objective
of this paper is to present the requirements of the engineer using computer
programs, the components of the computer program, and a survey of available
computer programs. The answers to the two questions will hopefully be
better understood even though no answers will be given.

COMPUTER USAGE IN THE DESIGN OFFICE

The practicing engineer must determine the static and dynamic
forces on the building, distribute these forces in the structural
system, and detail a final design. He must provide a design that meets all
the requirements for service loads and also meets less defined requirements
for moderate to large earthquake ground motions. The present trend is
to rely more and more on sophisticated computer analyses in determining
both the dynamic characteristics of the structure and thus the seismic
forces, and the internal distribution of these forces to the structural
elements whether they be frame members or shear walls. The desired goal
of the more complex computer analyses is to produce more accurate
solutions, better and safer designs, and thus provide an improved service
to the client, while hopefully reducing the engineering effort (cost).

The general usage of computer programs in design offices has fallen
short of the above goal. Except for the larger design offices, computer



analyses have been undertaken only to satisfy building departments who
request computer analyses of complex structures. A reluctance to incorporate
the computer into the design sequence of operation can be related to several
items:

1. Lack of availability of computers that can be easily accessed
without a large expenditure of engineering time.

2. Lack of understanding of the computer programs, their usage,
and their results. Manuals for computer programs tend to be
complex.

3. Lack of confidence that the computer model is a "true"
representation of the structural system.

Larger design offices have overcome the above problems by having in-house
computer systems and by developing computer programs or modifying existing
programs to meet the requirements of their engineers.

The computer is a design tool which, if properly used, should improve
the accuracy of the structural design process, save engineering effort,
and hopefully improve the structural system. The role of the computer
in the design process should be clarified. The following sequence of
steps could be reviewed as the possible steps in a design office:

1. Estimate structural configuration, member sizes, vertical
loading, and total mass.

2. Estimate dynamic properties including the fundamental period
of vibration.

3. Generate seismic (code) equivalent static forces.
4. Define analytical model and choose a computer program.
5. Perform a computer analysis to determine deflections, stresses,

and fundamental period.
6. Evaluateresult~ adjust dynamic properties, revise structural

system and loadings, if necessary, and reanalyze.
7. Perform a computer dynamic analysis using Response Spectrum

approach. Determine deflections, forces, and ductility demands
for each mode of vibration, and combine the modal responses
in a rational manner.

8. Modify structure and reanalyze, if necessary.
9. Perform a computer time-history linear dynamic analysis.

Calculate deflections, forces, and ductility demands.
10. Perform a computer time-history, non-linear dynamic analysis.

Determine structural stability and degree of non-linear
deformations for extreme seismic loadings.

All structures do not warrent all ten steps of analysis. The engineer
may choose to only perform an equivalant static lateral analysis if he
feels the behavior of ·the structure is well understood and code force
levels are adequate. The response spectrum analysis would provide the
engineer with a better understanding of force levels and deflections during
projected earthquake levels. Linear and non-linear time-history analysis
are usually only performed on very complex structures where the interaction
of the modes of vibration and the non-linear response cannot be ration
alized by the response spectrum approach.
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The development of the analytical model and the choice
program is a task involving many decisions by the engineer.
partial list must be answered during the development of the

of a computer
The following

analytical model:

1. Should a two or three dimensional model be used?
2. If a three dimensional model is chosen, should it be a true

three dimensional model or an assemblage of two-dimensional
frame models in a psuedo-three-dimensional model?

3. If a series of two dimensional anaylses are used how should
biaxial bending be handled for columns at intersecting frames?

4. How should vertical accelerations be handled?
5. Should the joint zone in the frame be considered a rigid zone

(finite joint size)?
6. Should the diaphragms be considered rigid or should they be

modeled as flexible membranes?
7. Should the foundation flexibility be considered in the analysis?
8. How should non-structural elements be incorporated into the

model?
9. Should the calculated periods of vibration be "adjusted" to be

more realistic?
10. Should cracked or uncracked concrete sections be used?
11. Should shear walls be modeled as deep beams or should finite

elements be used?
12. How should complex shaped shear walls with many openings

be handled such as found in elevator and stair cores?
13. Should buildings with perimeter frames be considered as

"tube" structures?

To many engineers the above questions are viewed as arbitrary and
approximate assumptions that are used to develop a refined computer
model to produce "exact" results. After the engineer has successfully
answered the above questions, he must choose an available computer program.
The choice is between general purpose programs and programs specifically
taylored for the geometry and loadings of typical multistory buildings.
Hopefully, a computer program can be found that can represent the
engineer's analytical model.

The data for the analytical model and loadings must be generated and
checked for errors. Some programs have options to help the engineer check
the data. These range from preprocessing programs which only check the data
to very sophisticated graphical methods which display the geometry
of the structure. When the data is verified, the program and the data are
processed and results obtained.

The engineer is now faced with the problem of reviewing the output and
accepting the results. The following are some of the questions that
require answering:

1. Is the data correct? All errors in the data must be found.
2. Does the computer program correctly model the structure?

Deflections, forces, and stresses calculated for the model
must be rational for the"real" structure.

3. Is the solution numerically stable? Computer programs rely on



4.

5.

numerical analysis techniques and not on exact mathematics,
thus all results must be considered only approximate.
Is the solution sensitive to small errors in input data?
Small changes in geometry, loads, or damping may have large
effect in the solution.
Do the calculated forces follow logical paths?

CONSIDERATIONS IN SELECTION OF COMPUTER PROGRAM
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After the engineer has formulated his problem (structural system
and loading parameters), the evaluation of available computer programs
must be researched. The following topics may be included in this
evaluation process:

Analytical model Each computer program provides the engineer
with the building blocks to create his analytical model. These building
blocks may be truss elements, beam elements, and a variety of types of
two and three dimensional finite elements. These elements vary from
program to program in their representation of the axial, bending, shearing,
and torsional deformations which they must mathematically model. Special
representations of rigid zones may also be included such as finite (rigid)
joint size and rigid diaphragms. The ease at which the building blocks
are assembled is related tofue versitility of the program in providing
enough tools, and to the special purpose features of the program which
are taylored to specific categories of structures. The ability of the
computer model to represent the "real" structure ill beyond the scope
of this paper, but it should be realized that the engineer is responsible
for the results based on his conceptual model and the final computer
model.

Program size The size of the program is related to the maximum
size of the analytical model, usually measured as the number of degrees
of freedom. A program must be large enough to handle the engineer's
problem. Some programs are almost limitless in size (this may not impress
the engineer who's problem is usually a two-story, two-bay frame).

Accuracy By the very nature of computers, all results must be
viewed as approximate. Both the analytical model and the solution
technique have inherent errors. The theoretical differences between
the "real" structure and the analytical model exist and their effects
on the solution must be understood. The solution techniques, whether
they are for static analysis or dynamic anaylsis, are based on approximate
numerical analysis techniques not on "exact" mathematics. An understanding
of the nature of the numerical errors is necessary in order to understand
the results.

Efficiency The efficiency of the computer program is an important
parameter in determening the amount of computer time and thus money that
is required for the solution of a given problem. There are many numerical
analysis techniques for the solution of static or dynamic and linear or
non-linear analysis. The efficiency of these techniques is a function
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of the size of problem and the type and accuracy of results desired.
The choice of the technique will significantly affec the computer time
required for the analysis.

Input/Output The engineer has to communicate with the computer
in order to describe his analytical model and loading conditions and in
order to understand the volume of results created by the program. Many
programs favor ease of solution by the computer over ease of description
of the model by the engineer. The computer output must present all the
results required by the engineer and must also satisfy the engineer that
the data has been correctly entered, the analytical model restrictions
of the program have not been voilated, and numerical stability and thus
accuracy exists.

AVAILABLE COMPUTER PROGRAMS

Various general purpose structural analysis programs are available
to the engineer through three sources:

1. Universities- Programs developed under grants from different
private and government organizations. These programs are
available to the public.

2. Private Companies- Programs developed and maintained by private
companies. These programs are proprietary and may be used
by the public.

3. Consultants- Programs developed and maintianed by private
consultants. These programs are proprietary and are used as
a part of the consultant's services.

Some of the more well known programs are described in the following
text.

Cdmputer Programs Developed at Universities

DRAIN-2D .•• INELASTIC DYNAMIC RESPONSE OF PLANE STRUCTURES

The program determines the dynamic response of inelastic two
dimensional structures of arbitrary configuration resulting from
earthquake-type ground motions. Independent horizontal and vertical
excitation may be specified, but out-of-phrase support motions cannot
be considered. Static loads may be applied to the structure prior to the
application of the dynamic loading, but behavior under static load may be
inelastic.

The structure may be composed of elements of a variety of types,
each having a different behavior pattern and yielding characteristics.
Five different element types have been incorporated into this version
of the program, namely, (1) truss, (2) beam-column, (3) shear (infill)
panel, (4) semi-rigid connection, and (5) degrading stiffness R/C
beam. The program is structured to permit new elements to be added with
a relatively small amount of coding effort.



ETABS ••• EXTENDED THREE-DIMENSIONAL ANALYSIS OF BUILDING SYSTEMS

The program is designed to perform linear structural analysis
of frame and shear wall buildings usbjected to both static and earthquake
loading-. The building is idealized by a system of independent frame
and shear wall elements interconnected by floor diaphragms which are
rigid in their own plane. Frame and shear wall elements of arbitrary
plan may be specified, within which full kinematic compatibility is
enforced. Bending, axial, and shearing deformations are included
within each column. Beams, girders, and vertical diagonal braces may
be non-prismatic, and bending and shearing deformations are included.
Special panel elements allow discontinuous shear walls to be modeled.
Finite column and beam widths are included in the formulation.
Nonsymmetric, non-rectangular buildings that have frames and shear walls
located arbitrarily in plan can be considered. Axial deformations of common
column lines of different frames are treated as uncoupled by the program.

Three independent vertical and two lateral static loading conditions
are possible. The static loads may be combined with a lateral earthquake
input that is specified either as an acceleration spectrum response or
as a ground acceleration record. Three dimensional mode shapes and
frequencies are evaluated.

LUSH2 .•. COMPLEX RESPONSE ANALYSIS OF SOIL-STRUCTURE SYSTEMS BY THE
FINITE ELEMENT METHOD

The program finds the complete response of a plane finite element
model representing a soil-structure system. The program differs from more
conventional finite element programs in that it, in an appropriate manner,
takes into account the strong nonlinear effects which occur in soil
masses subjected to strong earthquake motions. This is achieved by
a combination of an equivalent linear method and the complex response
method. The latter method makes it possible to work with different
damping in each element and to consider higher frequencies than most other
methods of dynamic analysis.

NONSAP .••A STRUCTURAL ANALYSIS PROGRAM FOR STATIC DYNAMIC RESPONSE OF
NONLINEAR SYSTEMS

This program is a finite element structural analysis program for the
static and dynamic response of nonlinear systems. The system response
is calculated using an incremental solution of the equations of equilibrium
with the Wilson or Newmark time integration scheme. The nonlinearities
may be due to large displacements, large strains, and nonlinear material
behavior.

SAP IV .••A STRUCTURAL ANALYSIS PROGRAM FOR STATIC AND DYNAMIC RESPONSE
OF LINEAR SYSTEMS

This program is a finite element structural analysis program for the
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static and dynamic response of linear three-dimesnional systems. The
program is written to analyze structures which are idealized by
combinations of three-dimensional truss, three-dimensional beam,
and various finite elements. In a dynamic analysis the options are (1)
frequency calculation only, (2) frequency calculations followed by response
history analysis, (3) frequency calculations followed by response
spectrum analysis, and (4) response history analysis using step-by-
step direct integration.

Input data consists of the global coordinated and degrees of
freedom of the system nodal points, the definition of the structural
elements used, the analysis to be performed (static or dynamic), the
description of the system loads and the required output. Data generation
is available.

TABS, XTABS, TAB 77 .•• THREE-DIMENSIONAL ANALYSIS OF BUILDING SYSTEMS

These programs are designed to perform linear structural analysis
of frame and shear wall buildings subjected to both static and earthquake
loadings.. The building is idealized by a system of independent frame and
shear wall elements interconnected by floor diaphragms which are rigid
in their own plane. Bending, axial, and shearing deformations are
included within each column. Beams, girders and vertical diagonal braces

may be nonprismatic, and bending and shearing deformations are included.
Special panel elements allow discontinuous shear walls to be modeled.
Finite column and beam widths are included in the formulation. Nonsymmetric
nonrectangular buildings that have frames and shear walls located arbitrarily
in plan can be considered. Axial deformations of common column lines
of different frames are treated as uncoupled by the program.

Three independent vertical and two lateral static loading
conditions are possible. The static loads may be combined with a lateral
earthquake input that is specified either as an acceleration spectrum
response or as a ground acceleration record. Three dimensional mode
shapes and frequencies are evaluated.

ULARC .•. SMALL DISPLACEMENTS ELASTO-PLASTIC ANALYSIS OF PLANE FRAMES

The program computes the node displacements, member forces, support
reactions, plastic hinge rotations, and rigid-plastic collapse loads
for plane frames of arbitrary shape subjected to static joint loads and
support settlements. The program is applicable to low-rise frames of
steel or reinforced concrete. Large displacement (P-A) effects are ignored.
Nonproportional loading, including reversed loading, is permitted. The
members may be of nonuniform stiffness and strength.

Commercially Available Programs



ANSYS

Large scale general purpose structural analysis program which can
perform static and dynamic structural analysis and heat transfer
analysis for both linear and nonlinear problems. Provides extensive
plotting capabilities. Capacity approximately 2500 nodes for three
dimensional problems. Developed by Swanson Analysis Sytems, Incorporated.

EAC/EASE AND EAC/EASE 2

Elastic Analysis for Structural Engineering. These programs provide
static strctural analyses of linear, three-dimensional systems. These
are subjected to sets of arbitrarily prescribed external and thermal
loads and displacement boundary conditions. Developed by Engineering
Analysis Corporation.

MARK

A linear and nonlinear general-purpose finite element structural
analysis program with heat transfer analyses capabilities. Pre-
and post- processor plotting options are available. The program is
developed and maintained by Marc Analysis Corporation.

NASTRAN
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Finite element program which performs a wide range
dynamic structural analyses and heat transfer analyses.
generation options and plotting features are available.
NASA contracts. Oriented more toward aerospace industry

of static and
Several geometry
Developed under
applications.

STRUDL AND STRUDL DYNAL

Has static, dynamic, plastic, creep and geometric non-linearity
analysis options. Finite element types are restricted to beam, plate
and shell elements. Capacity depends on core available and machine size.
Oriented toward civil engineering applications. Developed by Civil
Engineering Department, M. I. T•.

STARDYNE

Performs static and dynamic structural analysis of complex elastic
structures. Automatic band minimization, plotting optional. Developed
by Mechanics Research Institute.

SPACE

Structural Preporgrammed Analysis Capabilities for Engineers. This
program is a large capacity computer program for the static linear elastic
analysis of two or three-dimensional structures which may be treated as
assemblages of line members and two-dimensional thin plate and thin shell
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finite elements. Oriented toward civil engineer applications. Developed
and maintained by Digital Analysis Consultants, Incorporated.

CONCLUSIONS

Improved numerical analysis techniques, improvements or enhancements
to the theoretical modeling capabilities, and bigger and faster computers
have and aontinue to encourage the development of more sophisticated
computer programs. These programs will playa vital role in the
understanding of reinforced concrete structures and their performance
in both the linear and nonlinear stress ranges.

The design engineer may not feel that this rapid advancement in
complexity and sophistication of analysis techniques is of direct
benefit to him. He does not want to treat each new design as a research
project in the understanding of the performance of reinforced concrete
structures. What he wants is a simple computer model that can be easily
applied to his structure as part of the design process. He desires a
minimum of input, a minimum of complexity, and a minimum of cost in
both his time and computer usage. A new generation of computers is now
available to the engineering design offices. These small, mini-desk-top
computers offer the engineer an economical in-house computer system.
Simple two-dimensional frame and shear wall programs could be developed
for this class of computers. Interactive design options can easily be
made part of these programs, such that a designer could analyze, modify
and reanalyze a structure during one operation with the computer.
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INTRODUCTION

Structural analysis provides us with a means of predicting structural
behavior. From an academic point of view, it is desirable to predict this
behavior precisely; from a practical point of view it is necessary to obtain
only sufficient accuracy to ensure a sound design. As structures become more
complex, as materials are stressed closer to full capacity, and as regulatory
agencies call increasingly for proof that designs are safe, the practioner and
the academician move closer together.

In the design of any civil engineering structure, it is necessary to
consider serviceability under probable working loads and safety under possible
overloads. For structures subjected to typical gravity and wind loads,
computations of displacements and deformations at working loads provide
sufficient information for checking serviceability, and computations of
ultimate strength provide sufficient information for checking safety. For
structuressubjected to seismic loads, however, the requirements for service
ability and safety may become substantially more complex.

A particularly important safety consideration is that a strong earthquake
may induce structural deformationswell beyond those corresponding to the
ultimate static stren~~h, and it is essential that the structure maintain
adequate strength under these deformations. Hence, ductility becomes equally
as important as strength. An important serviceability requirement for
essential structures such as hospitals is that the structural, mechanical and
electrical systems must continue to function after a strong earthquake, in
which the structural deformations will be substantially larger than those
under working loads. In an office building, damage to non-structural
components and repairability of the structure are serviceability consider
ations of considerable economic importance.

It does not necessarily follow that highly sophisticated structural
analyses are essential for the design of safe, serviceable structures in
seismically active areas. It can not be over-emphasized that sophistication
in structural concept, detailing, and construction are of much greater
importance than sophistication in analysis. Nevertheless, the designer of an
earthquake resistant structure must pay much greater attention to the
distribution of forces and deformations in the structure than the designer of
a structure in a non-seismic area, and therefore has a much greater need for
sophisticated analyses.

In this paper, the state-of-the-art in computer analysis of seismic
response is briefly assessed, notable improvements brought about by recent
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research are reviewed, and recommendations for future research and development
are made. The paper is intended as a basis for discussion, not as a definitive
statement, so that debate and disagreement are encouraged and welcomed.

STATE-OF-THE-ART: SEISMIC RESPONSE ANALYSIS
FOR USE IN DESIGN

A detailed review and explanation of advanced state-of-the-art analysis
and design procedures is given in the Applied Technology Council ATC-2 report
[1]. However, these procedures are more sophisticated than those commonly
used in design.

Reinforced concrete structures are typically very complex geometrically,
and are made of materials with complex material properties. Design costs are
only a small proportion of the structure cost, so that analysis expenses must
be kept low. Sound concepts, details and construction are at least as
important as sound analysis. From a designer's viewpoint, the aim of analysis
is not to predict the structural behavior precisely, but merely to provide
sufficient information to ensure a sound design. These factors all have
substantial influence on the state-of-the-art, which can be summarized as
follows:

(1) "First order" linear elastic analysis is almost always used ("second
order" analysis would include the P-Ll effect).

(2) Structures are typically idealized as assemblages of one-dimensional
beam type structural elements. Simple two-dimensional surface
elements may be used for walls, panels or, less often, floors. It
is common to assume rigid joint regions and rigid floor diaphragms.

(3) Hand computation procedures are still used to a significant extent.
However, computer analyses are more common. Computer analyses are
more accurate than hand computations, primarily because more refined
assumptions and structural idealizations can be used. Computer
analyses are not necessarily cheaper, but they yield more information
and are more reliable.

(4) Static analyses (for equivalent static design loads) are most often
used. Dynamic analyses are used if required by a regulatory
agency or if the structure is of unusual configuration. Dynamic
analyses are usually of response spectrum type, time history
analyses being carried out only in special cases.

(5) Analysis costs for building design are small compared with those for
nuclear power plants, aero-space structures and offshore structures.
There are few economic incentives for developing powerful, user
oriented computer programs for building analysis and design.

(6) Most computer analyses are carried out using the special purpose
TABS program, or its derivatives or similar programs. General
purpose programs such as SAP, STRUDL, EASE and STARDYNE also receive
significant use. All of these programs are based on the direct
stiffness method of structural analysis, and are of a straight-



forward batch processing type. Larger design firms typically
perform analyses in-house. Smaller firms are more likely to employ
consultants specializing in computer analysis. Many practitioners
are still not familiar with computer analysis capabilities,
especially for dynamics, but the level of sophistication is
increasing.

(7) Three-dimensional idealizations of buildings are common, although
two-dimensional idealizations are used where possible. Torsional
motions of buildings are often important, and are accounted for by
three-dimensional idealizations.

(8) Soil-structure interaction effects are usually ignored, the
structure being assumed to be rigidly supported at the foundation
level. If foundation flexibility effects are considered, simple
spring idealizations are used.

(9) The available analysis programs essentially perform only structural
analysis computations, and do not perform code checking calculations
on the structural members. Code checking calculations are most
often performed by hand (or, increasingly, by desk-top computer)
using the printed results from computer analyses.

(10) The available analysis programs typically do not contain many user
oriented features of value for building analysts, so that their
use tends to be a specialized task requiring skill and experience.
Such user-oriented features would include detailed yet simple
documentation; problem-oriented input; automatic error checking;
and problem-oriented output.

(11) A number of programs exist which can perform inelastic analyses of
seismic response, and hence can produce estimates of the ductility
demands on structural members. Inelastic analyses are widely used
in research studies, but computational costs are high and there
have been few applications in practical design.

In summary, at the time of writing the analysis of buildings for seismic effects
is still a fairly specialized task, especially when a dynamic analysis is
required. The results of analyses with currently used computer programs
consist of structure displacements and member moments and forces, based on
first order linear elastic analysis with simple one- and two-dimensional
idealizations for structural members. The available programs are sufficiently
useful that there are no analysis weaknesses which critically affect the
design process, but there is no available program which is really well suited
for design office use. Particular weaknesses include lack of problem-oriented
input and output, lack of automatic checking for actual or potential user
errors, and lack of design checking options.

Because real structures will not behave elastically in a strong earthquake,
an elastic analysis will not predict the seismic response precisely, and the
suitability of elastic analysis procedures must be questioned. Elastic
analyses are used because inelastic analyses are· very costly, and because the
available inelastic analysis programs have limited capabilities. The
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assumption implicit in the use of elastic analysis is that if the design loads
are appropriately chosen, if the members of the structure are proportioned to
resist the computed elastic forces, and if the structure is detailed to develop
adequate ductility, then the structural serviceability and safety requirements
will be met.

PROGRESS THROUGH RECENT RESEARCH
AND DEVELOPMENT

Research and development in computer analysis of structures has led to
major improvements in structural idealization techniques, the efficiency of
computation, and the useability of computer programs. Notable developments
have been as follows.

Direct Stiffness Concepts

The direct stiffness method is a special case of the displacement method
of structural analysis, and is a generalization of the slope deflection method.
The direct stiffness method is ideally suited for computer application, and
has emerged as by far the most powerful analysis technique. Many programs
based on this method have been developed and are widely applied in practice.

The physical basis of the method is that the structure is idealized as
an assemblage of deformable structural elements (members) connected to a
finite number of nodes (joints). In the basic form of the method, the
displacements (translational and rotational) of the nodes are the primary
unknowns (degrees of freedom) of the problem. The deformations of each
element can be expressed in terms of the nodal displacements, and a stiffness
matrix for the element can be constructed in terms of the nodal displacements.
The stiffness matrix for the complete structure is obtained by direct addition
(assembly) of the element stiffnesses. A set of simultaneous equilibrium
equations results, which can be solved for the node displacements. The
solution is then completed by finding the member forces. The procedure is
logically simple and highly automatic, requiring only that the analyst
specify the node and member locations, those member properties which govern
member stiffness, and the loads or displacements specified on the nodes.

For a general three-dimensional frame, the degrees of freedom consist of
three translations and three rotations for each node, which allow for
extension, twist and biaxial bending of each beam-type element. In special
cases, however, an adequate representation of the structural deformations can
be obtained with fewer than six degrees of freedom per node. For example,
if a building has horizontal floor diaphragms which may be assumed to be
rigid in their own planes, then each diaphragm moves horizontally as a rigid
plate, and the horizontal displacements of any nodes connected to the plate
are no longer independent degrees of freedom but are "slaved" to the rigid
body displacements of the plate. If this type of idealization is used, the
total number of degrees of freedom can be greatly reduced, with substantial
savings in computational effort. Equally importantly, this type of idealization
can substantially improve the numerical conditioning of the problem. The
disadvantage of this idealization is simply that the assumption of a rigid
diaphragm may not be reasonable, and the analyst must remain aware of the
approximations involved.



Provisions for "slaving" of degrees of freedom in this wa:y are included
as user options in most general purpose computer programs. In the commonly
used program TABS [2] the assumption is an integral part of the program and
is always included. This is true also for the ETABS [3], and TABS-77 [4]
programs, but some relaxation of the assumption is permitted in the BATS [5]
extension of TABS. Other workers, notably Weaver at Stanford, have developed
programs for building analysis, but TABS and its derivatives are by far the
most widely used.

The principles and procedures involved in selecting degrees of freedom
for building analysis are well established theoretically. However, additional
development is desirable to determine the simplest and most appropriate
idealizations which will allow an analyst either to assume a rigid floor
diaphragm or permit it to deform. Existing computer programs are weak in
this respect. Existing computer programs are also weak in their provisions
for modelling elevator shafts and shear walls which intersect in plan,
because of the complex effects of holes and cross section shape on the bending
and torsional stiffnesses.

Equation Solving

Direct stiffness analyses of large structures require that large numbers
of simultaneous equations be solved. In order to reduce computer costs, a
great deal of research and development has been carried out on the numerical
operations involved in equation solving, with the result that remarkable
reductions have been made in solution times. The research has concentrated
on reducing the number of multiplication and addition operations for solving
equations by elimination methods (Gauss, Cholesky and Crout procedures), by
eliminating unnecessary operations and minimizing storage requirements.
Descriptions of procedures and lists of references may be found in [6], [7]
and [8]. These procedures are all based on a two-stage procedure in which
the equations are first fully assembled and then solved. By contrast, the
"wave front" procedure, in which the assembly and reduction proceed simultan
eously, is favored by some workers [9]. If equally efficient coding techniques
are used, the direct reduction and wavefront techniques require essentially
the same solution times.

In the past decade, order-of-magnitude improvements have been achieved
in equation solving effort. Current equation solving algorithms are near
optimal, so that further major improvements are unlikely. Nevertheless,
significant improvements are still possible in equation solving for sub
structuring and nonlinear applications. Revisions of the algorithms to provide
optimal efficiency for new generations of computers may also be necessary

Eigenvalue Routines

Many different techniques have been explored and developed for extracting
the eigenvalues and eigenvectors for large matrices, in order to obtain natural
mode shapes and frequencies. A review of available techniques can be found in
[10] and [11]. A variety of techniques, with different capacities and
computational speeds, are incorporated into the computer programs in current
use. There is no single procedure which can be identified as "best", and most,
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if not all, procedures for large systems suffer from lack of reliability in
some situations, so that there is still substantial room for improvement.

Substructuring

The sUbstructuring technique is a useful variation of the direct stiffness
method. From a physical viewpoint the technique divides the complete
structure into separate subassemblages, regarding each sUbassemblage as a
separate structural element ("superelement" ) . The superelements are then
assembled into larger superelements or the complete structure, just like any
other element. From a strictly numerical viewpoint the process can be inter
preted as assembling and solving the stiffness equations for the structure in
separate parts rather than as a single set of equations. The numerical
techniques for sUbstructuring have been well developed in recent years,
although considerable improvements are still possible. A recent review can be
found in [12].

Substructuring has advantages for data preparation, because repeated
assemblages need to be specified only once. Computational advantages may
also result, because numerical operations on identical substructures need to
be carried out only once. The TABS and ETABS programs make use of substructur
ing, with each discrete frame being a substructure and the sUbstructures
being coupled through the floor diaphragms. Some recent general purpose
programs [13,14,15] incorporate more general sUbstructuring capabilities, and
m~ be valuable in some cases.

Step-by-Step Dynamics

Seismic analyses for the design of typical buildings are probably best
carried out by response spectrum procedures. Time history analyses for
specified ground motions are more costly and' not necessarily more accurate.
The disadvantage of'response spectrum procedures is that the responses in
different modes must be combined by square-root-of-sum-of-squares and/or
absolute sum procedures, and it may be uncertain whether the chosen method of
combination is appropriate. A disadvantage of time history analyses is that
the computed maximum response may be sensitive to changes in the assumed
ground motion. Time history analyses are also SUbstantially more expensive.

The numerical procedures for response spectrum analyses are well
established. Step-by-step procedures have received a great deal of attention,
and for linear structures procedures which are sound theoretically and
efficient computationally have been devised. For a recent review see [16].
For nonlinear systems, however, several questions remain unanswered, and
additional study is needed.

Macroelement Idealization

Even with the efficient computer analysis techniques currently available,
the computational cost for some structures may be excessive. This is
particularly true for large tUbe-type buildings, in which the columns are
closely spaced, with the result that the number of beam and column elements
is very large. The problem is compounded because the faces of the tube



interact through common columns, so that an isolated frame idealization of
TABS type can not be used. A technique for dramatically reducing the number
of degrees of freedom and computational cost for such structures has been
described in [17]. This technique applies the finite element principles
usually used for continua to the faces of a tube-type building, constructing
"macroelements" made up of several columns and beams. These macroelements
are connected to each other at only a few nodes, so that the number of nodes
is much less than for a conventional frame analysis.

Program Structure and Features

In the development of any computer program, decisions must be made on
data input procedures, internal program logic, data structure, computational
features, and results output mode and format. A "basic"structural analysis
program intended for limited use by the program developer is likely to be
compact and simple. In contrast, a "prOduction" version of the same program,
intended for widespread use in design offices by many people,w~ll require
problem-oriented input features, automatic error checking, restart options,
results output in final report format, etc. Production programs must also be
tested more exhaustively and documented more thoroughly. As a result, the
size, complexity and cost are all likely to be much greater for the
production version than for the basic version.

The art and science of computer programming for structural analysis has
developed a great deal in recent years, with large improvements in simplicity
and efficiency at the "basic" program level. However, there are few
universally accepted standards or procedures for extending programs beyond
this basic level. Developments in data bases, structured programming, tabular
decision logic, and portability standards have provided some valuable tools
and guidelines, but computer program features still depend primarily on the
individual or group developing the program. For example, STRESS and SAP are
both successful, widely used programs, but their features from a user's
viewpoint are widely different, reflecting the differing philosophies of their
developers. Further, program users differ just as much in their preferences.

In the author's opinion this is not cause for alarm, and does not
indicate wasteful duplication of effort. Attempts to standardize programming
procedures (except, perhaps, with respect to portability and documentation
standards) are likely to stifle development and almost certainly to be
unsuccessful. On the other hand, carefully prepared guidelines to assist
practitioners in the use of programs and preparation of reports can be very
valuable. Reference [18] is useful in this respect.

It is also the author's opinion that there is a notable lack of a
production type computer program for seismic response analysis. Commercially
available programs such as STRUDL, STARDYNE and EASE contain user-oriented
features, but because they are general purpose programs they are not as easy
to use as would be desirable. The currently available special purpose
programs of the TABS type, on the other hand, tend to be merely "basic"
programs, with few user-oriented features.
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Nonlinear Analysis

Nonlinear analysis problems of many types have received a great deal of
research attention in recent years. Inelastic dynamic analyses of simple
building-type structures, have been used to demonstrate that ductility
demands on well designed structures during strong earthquakes will not be
excessive, and have helped to justify the currently accepted procedure in
which members are designed for loads well below those which would act if the
structure were to remain elastic.

Several general purpose programs, for nonlinear analysis have been
developed in recent years, including MARC, ANSYS, NONSAP, ADINA and ANSR.
These programs can perform inelastic seismic analyses of buildings, but
generally are not convenient to use. Several special purpose programs for
building analysis are also available, including INELASTIER [19], the A.C.
Martin program [20], the Kamil-Mahin program [21], DRAIN-2D [22] and DRAIN
TABS [23]. These programs are more convenient to use then the general
purpose codes, but nevertheless require specialized skills and are costly to
run for large practical structures. As a result, there have been few
practical applications. Nevertheless, nonlinear analyses are currently
indispensable for research investigations. As improvements in computational
efficiency are made and as demands for rational proof of structural
safety increase, it is inevitable that nonlinear analyses will be used more
and more in practical design.

A great deal of research and development remains to be carried out on many
aspects of nonlinear response analysis, including improvements in numerical
techniques to reduce costs, improvements in the mathematical modelling of
inelastic members to increase accuracy, and improvements in program features
to simplify program use and produce results which can be used directly by
designers.

Summary

The advances from recent research can be summarized as follows.

(1) Highly efficient numerical procedures for linear elastic analysis
under static and dynamic loads have been developed. Several
improvements are still possible, notably in eigenValue routines
and substructuring.

A number of practical computer programs have been developed,
including some intended specifically for building analysis.
there is still a need for a user-oriented production program
use in earthquake resistant building design.

However,
for

(3) Promising idealization procedures and computational techniques for
nonlinear inelastic analysis have been developed, and a number of
usable computer programs are available. However, there is need
for additional work on the idealization of inelastic members, on
efficient numerical procedures, and on developing user-oriented
computer programs.



OUTSTANDING PROBLEMS

Several problems remain to be solved, in the areas of structural
idealization for linear elastic analysis, numerical techniques for linear
elastic analysis, procedures for nonlinear inelastic analysis, production
PFogram development, and correlation of elastic analysis results with actual
inelastic behavior.

Idealization for Linear Analysis

(1) Regardless of whether a general three-dimensional idealization or a
TABS type idealization is used, problems arise in modelling shear walls which
intersect in plan to form wall structures with I, angle, box, etc. cross
sections. These wall structures may have complex flexural and torsional
properties, especially when pierced by holes, and these properties are not
considered rationally in most analyses. There is a need for the most
appropriate idealization procedure to be identified. This procedure might
use plane stress finite element representation of the walls, thin-walled beam
theory [24], or some other procedure.

(2) Floor diaphragms are commonly assumed to be rigid in comparison with
the frames or walls which they connect, and this assumption is not always
reasonable. There is need for improved idealization procedures to account for
floor diaphragm deformations; and for guidelines to indicate when the
assumption of a rigid diaphragm may be unreasonable.

(3) Soil-structure interaction effects may be significant for stiff
concrete buildings. A practical procedure for accounting for these effects
is described in [25], but techniques for incorporating such a procedure into
building analysis programs need to be studied.

(4) Research on the effective width of floor slabs acting with beams,
the effects of rigidity or flexibility of joint regions, and the effects of
shear deformations need to be reviewed, and guidelines prepared on appropriate
modelling to ensure that member stiffnesses are represented with reasonable
accuracy.

Numerical Technigues for Linear Analysis

(1) There is a need for a review of existing techniques and subroutines
for eigenvalue determination, with the aim of identifying the most reliable
and efficient procedures.

(2) Substructuring techniques hold promose for reducing both data
preparation and computer time, but have not been explored extensively for
building analysis. These techniques warrant receiving more attention.

(3) "Macroelement" techniques promise major reductions in computer time
for tUbe type structures, and warrant receiving more attention.

Nonlinear Analysis

Nonlinear analysis is still relatively in its infancy, yet is important
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if truly rational analyses of structural safety are required. Virtually all
aspects of nonlinear analysis warrant additional study, from idealization
procedures through numerical techniques to the meaningful presentation of
results.

Production Program Development

(1) There is a definite need for a production type computer program for
design office use. The most appropriate structural idealization on which to
base the program is probably that of ETABS, which permits frames to interact
fully through common columns if desired, but also allows the simple TABS
idealization of plane frames coupled only through the floor diaphragms. The
program should ideally permit accurate idealization of intersecting shear
wal+s, walls with openings, non-rigid diaphragms, non-prismatic members, and
soil-structure interaction. The program should have problem-oriented input
and output. Consideration should be given to providing options for checking
against Code requirements. The program development would require close
cooperation with designers, and might most appropriately be carried out by a
COmmercial firm rather than a University.

(2) The Code provisions for checking reinforced concrete members
designed for seismic resistance have not been framed with computers in mind,
and hence may not be in appropriate forms for incorporation into a design
analysis program. Procedures for analyzing the logical structure of Code
provisions are well developed, using tabular decision logic and other
techniques. There is a need to examine the existing provisions with a view
to recasting them, if necessary, in a form more amenable to incorporation
into computer programs.

Correlation of Elastic and Inelastic Behavior

It is implicit in current design procedure that if the members of a
structure are proportioned to resist the forces computed by linear elastic
analyses, then the actual ductility demands on the members during a strong
earthqUake will not be excessive. With recent advances in inelastic analysis
techniques, it is possible to check whether this implied assumption is
reasonable. Aspects which might be studied include (1) whether a tall frame
designed with the same load factor in all stories actually experiences the
same ductility demand in all stories, and (2) by how much the columns of a
tall frame should be overdesigned to ensure that weak-beam-strong-column
behavior is obtained. Some recent studies, for example [26] and [27], have
looked at these aspects, but further investigations are required.

CONCLUSION

This paper has briefly reviewed the state-of-tne-art in computer
analysis for the design of reinforced concrete buildings, has listed several
areas in which significant advances have been made in recent years, and has
identified a number of problems which are still outstanding. The most
important needs for future work are believed to be (a) development of a
production-type building analysis program, (b) continued research in nonlinear
analysis techniques, and (c) correlation of the results of elastic and
inelastic analYses.



Specific items for study are identified in the attached Draft
Recommendations.
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ELASTIC ANALYSIS OF WALLS WITH OPENINGS

by

Egor P. Popov
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University of California, Berkeley

Much valuable information is being generated by inelastic cyclic
experiments for the earthquake-resistant design of walls. Such research
provides insight into the ultimate behavior. However, in practice walls
are actually designed on the basis of linearly elastic analysis. When
walls are interconnected with other walls and slabs, and, in addition,
have openings, an accurate analysis of such structural systems becomes a
time consuming task. As an aid to the designer, a special purpose finite
element computer program for practical elastic analyses and design of
structural walls with substructure option has been developed. This note
simply calls attention to the availability of this program titled SUBWALL.l
The abstract for this program reads as follows:

"An efficient and refined special purpose finite element computer
program is developed for the linear structural analysis and design
of complex reinforced concrete Walls subjected to arbitrary in
plane static loadings.

A substructuring technique has been implemented along with several
practical user's options which contribute to the computational
efficiency and economy unavailable in many general purpose computer
programs.

Large structural walls with multiple openings, nonplanar coupled
walls, and staggered wall beams systems can be analyzed. Openings
and offsets in structural walls are represented by special "hole"
elements with no structural stiffness.

Preparation of input is simple. Few cards are necessary for
a relatively large size structure. Joint coordinates, element
connectivities, and boundary conditions are automatically generated.

Output can be requested in terms of tabular printout, element by
element printer plots and/or regular plotter plots of displace
ments, stresses, and reactions. Section forces such as shear,
moment, and normal force in connecting beams can be obtained.

Main emphasis of the report is on the practical and economical
application of the finite element method rather than the theoreti
cal aspect of the program development. Throughout the report,
linearly elastic behavior of the materials is assumed."

The program and instructions for its use are available from the
National Information Service Office, Earthquake Engineering, 337 Davis
Hall, University of California, Berkeley 94720.
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INTRODUCTION

The majority of reinforced concrete buildings being de
signed and constructed today are of modest size. They are large
and complex enough to require seismic analysis, but not large
enough to justify comprehensive detailed dynamic analysis. As
a result they are usually designed using a combination of hand
and computer aided methods. This paper will describe some of
the common computer aided seismic and gravity design techniques
available to be used and why they are not used by the engineer
ing community in daily analysis and design of these structures.

LIMITATIONS

First the Engineer's choiCe to use computer aided design is
often limited by a number of interrelated constraints that have
prevented his rapid and complete acceptance of computer methods.

Knowledge

Knowledge or the lack of it is one direct limit, whether it
is the lack of knowing where to be able to obtain the use of
specific software or of how to avail oneself with the access to
the use of a computer. Likewise there is a lack of understand
ing by many Engineers of the degree of assistance obtainable
through computer aided design. Sometimes there is fear, other
times there is simply a lack of understanding of computer
techniques or of the problem solution algorithum which leaves
the Engineer unable to accept the responsibility for a computer
aided design.

Access

Availability is another limit. If the method of access is
time consuming or cumbersome it often is simpler and more
economical for the Engineer to continue to use hand methods.
This limit is often measured against the scope of the problem
solved. That is to say in many cases only large problem
solutions can justify the effort required for the results
obtained.
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Codes

Another limit which is generally more related to design than
analysis is the conformance of the resulting computer aided
design to published Building Code Standards. Many uses of
computer solutions are by passed because in some detail they
fail to meet governing local Code and hand adjustment or recom
putation is either too time consuming or impossible from the
results given.

Economics

Economic considerations also place some severe limits on the
application of computer aided design although the availability
of significantly improved equipment and software at greatly
reduced cost has reduced this barrier. The Engineer must adapt
to employ regular and substantial computer usage or he cannot
justify the cost of an in-house facility with its attendant
support costs. As an alternative, unless the Engineer can find
substantial amounts of well documented, useful code current
software either on timeshare services or at service bureaus he
cannot justify the costs entailed in training for and utilizing
these methods either.

Let's examine how Building Design Codes have contributed to
this problem and how it is being overcome by some Engineers.

First, codes have been developing and changing very rapidly
since 1971. The SEAOC "Recommended Lateral Force Requirements",
commonly called the Blue Book, has been substantially changed
recently both in analysis of forces and in the design require
ments for concrete structures. The Uniform Building Code which
is based largely on the Blue Book has similarly changed .. New
ductile concrete requirements have been developed and are still
being developed. For instance the requirements for reinforced
concrete design of the 1971 ACI (Appendix A) and of the UBC for
seismic design are quite different. ACI Committee 352 has just
published a guide for the design of concrete frame joints, a
subject which has been largely undefined from a code standpoint.

Titles 17, 21 and 24 of the California State Administrative
Code have been rewritten several times in recent years to re
flect changing knowledge and to satisfy the mandate of the law
wfiich in some cases now requires dynamic design.

The ATC-3 project to produce "Recommended Comprehensive
Seismic Design Provisions for Buildings" the latest in suggested
design codes has been undergoing considerable discussion as
Engineers, scholars and researchers try to codify more realistic
design methods based on risk, dynamic response and material
yield level resistance.



Program Development

In respect to computer aided design then, the result of all
of this has been a delay in the creation of integrated analysis
and design programs. A comprehensive computer program requires
a firm expression of requirements before it can be written.
Costs of rewriting such programs are great and difficult to
amortize against short periods of use.

We have instead seen the development of separate analysis
and design computer programs and much effort devoted to relating
dynamic analysis results back to common static equivalents so
design can proceed by more conventional methods for which com
puter programs and hand methods of design exist.

Dynamic Methods

At present, dynamic design methods have not been codified or
even standardized. The Electronic Computation Committee of the
Structural Engineers Association of Southern California is
currently engaged in publishing "Recommended Guidelines for the
Performance and Presentation of Computer Generated Seismic
Analysis of Structures" to begin to bring some order and under
standing to the methodology applied in typical design.

It should be noted that the ATC-3 study which has researched
and collected some of the latest seismic analysis design method
ology does not prescribe true dynamic design techniques. It
does offer the equivalent of spectral values based on modal
period determination from which equivalent static forces can be
determined.

Even if true dynamic forces could be set through the use of
a standard dynamic approach, including accurate modeling techni
ques, the Engineer currently has the limitation of what are Code
acceptable dynamic resistance values and how can these be com
bined with statically determined dead and live load forces.

When we remember how many static design rules have been set
by material misuse, or abuse, deflection control, ease of
approximate solutiDn and similar non-load and non-time related
considerations we begin to realize the dilemma the Engineer
faces. There are no time factors in static loads. What about
peak stresses? What about skip loads, partition load allowances,
live load reduction, arbitrary building torsional response
allowances, etc.? How should these be combined with say the
plate stress of a finite element of the edge of a bearing wallar
at a beam column joint? Not to mention the difficulty of deter
mining a model for, say a frame, shear wall structure with semi
flexible diaphragms and an irregUlar plan layout. Further there
is uncertainty in the determination of the stiffness of concrete
members. What is the effect of cracked sections on I? If we
have difficulty in predicting the deflection of beams under
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static load, how do we predict the deflection performance of
frames under dynamic load?

Equivalent Static Forces

As a result, most design today is accomplished by finding
equivalent static forces for seismic action at code level resis
tance stresses. Computer aided design methods are available for
these once the dynamic forces have been reduced to psuedo static
forces.

To first obtain dynamic forces a number of computer programs
are available such as TABS, SAP, DYNAL, NASTRAN, STARDYNE, etc.
The use of these programs is often limited by the reasons des
cribed earlier, and particularly by the cost of analyzing complex
models. As a result models are often greatly simplified to re
duce degrees of freedom. Multistory irregular shear wall struc
tures can easily run into thousands of degrees of freedom for an
accurate model and solution of this is not in most design budgets.
Often these structures are either redesigned to be more regular
so that the static design methods can be substituted or static
methods are simply used.

SHEAR WALL BUILDING

Let's examine computer aided design procedure for a simple
shear wall building, and see the kinds of programs that could be
used.

First the Engineer has the choice of a dynamic program such
as TABS which uses a simple model or more complex treatment of
finite elements such as a version of SAP. We will assume he can
circumvent 'the limits such as availability, fees, costs, and
understanding of the applicability of each to his structure.
After simplifying and modeling and having made decisions on
ductility, dampening modeling effects, elastic or non-elastic
performance, choice of seismic excitation, site effects and soils
structure interaction he will obtain some results. If these are
time related he must further make some assumptions on what to
choose as a static equivalent to proceed with a normal code
design to develop material requirements. For instance he could
select the story shears effective at the most deflected position
of the structure to get an overall equivalent static load.

Generally at this point he will need to expand his simplified
model back to the actual elements and ascertain the forces on
each part due to seismic and gravity forces to design sizes and
reinforcing steel.

Static Design

Let's examine how this static design might be done using
reasonably accessable existing computer aided design software.



Note that these same processes could be used in preliminary de
sign by accepting code static forces or some equivalent as a
starting point to size a structure.

Shear wall analysis - If we use as an example a simple shear
wall structure, the Engineer would go through the following steps
to use the computer aided design capability of the "Multi-Story
Wind or Earthquake Rotational Analysis" program, one of a group
developed by Systems Professional and available on several nat
ional timesharing bureaus, and on several makes of mini-computers.

First he lays out his structure in plan, sets the coordinates
and dimensions and numbers the walls. Using code sheets provided
he furnishes a description of the geometry of the various walls
on various floors and establishes through simple indicators how
he wishes to assume walls be assembled from piers and spandrels
to establish rigidities.

The methodology is the same as his hand methods but the
calculations performed are more rigorous than he would normally
use.

Once geometry is established he can either describe the
weights of portions of the structure or apply previously deter
mined dynamically related static loads at each floor level. If
he uses weights, he then sets the zrK and Ts and T values or in
the case of the latter lets the program choose them by code. Last
he sets story heights and gross building dimensions. For this
nominal amount of information he gets all the rigidities of ele
ments and walls, a period and force determination, an actual or
arbitrary Code required application of torsion and all shears and
overturning moments for all walls at all levels.

Pier design - He can then proceed to take these forces to
gether with gravity loads to a "Masonry, Block or Concrete Shear
Wall and Pier Design" program and determine what kind of reinforc
ing is required, single or double curtain, or special edge bars
based on ultimate moment methods of the 1971 Acr.

Bearing wall design - Next, bearing walls can be designed for
perpendicular seismic loading using the "Masonry, Block or Con
crete Bearing Wall Design" program, also based on 1971 ACI code.

These programs take minutes to code and process so preliminary
results are quickly and easily obtained.

Floor design - Floors can be computer aided designed by a
number of programs. Flat plate, waffle slab and two way slab
analysis and design programs have been made available by PCA
through purchases, or through service bureaus or by timeshare
services. These programs will analyze and design for either
gravity or for gravity plus seismic joint moment effects as deter
mined from other frame analyses. For some cases full reinforcing
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layout can be obtained in addition to full shear and moment ana
lysis and steel area design.

Concrete beams can be computer analyzed for all types of live
and dead loading and seismic joint moments using either
"Prismatic Continuous Beam Design" or a similar non-prismatic
version.

Steel areas, stirrups, inflection points etc., are all auto
matically determined.

Prestress design - Even if the floor is prestressed the slabs,
beams and girders can be computer designed using Posten a program
developed by Hugh M. O'Neil Company and available nationally by
timeshare or service bureau.

Column design - Concrete columns can be designed for biaxial
bending plus axial loads using either a single story design pro
gram or mUltiple story load take off and design computer programs.

Again the Engineer furnishes only modest design parameters.

Footing design - Footings whether rectangular, square or tied
can also be computer aided designed.

Ductile Requirements

None of the above programs address ductile design requirements
though and these will have to be added by hand.

FRAME BUILDING

Let's examine the analysis and design when frames are the
seismic resisting element and using computer aided design. Here
the Engineer can find more assistance.

Frame Analysis

First he has the choice of either stand alone or integrated
programs, some of which will address both static and dynamic
analysis using nearly the same input data. In a few cases the
programs can be directly linked to design of the concrete members.
In other cases the joint moment data must be transferred to floor
design programs to automate all of the code provisions for skip
loading.

The following programs can be used for either 2 or 3 dimen
sional frame analysis:

"Tabs" or one of its later versions available from NISEE is
fr~quently used to perform linear structural analysis of frame
and shear wall buildings for both static and dynamic loadings.
It involves some simplifications of analysis which limits its use



on some types of structures.

"Sap" or one of its later versions also available from NISEE
can be used to perform a more complex finite element analysis
either linear or non-linear for both static and dynamic loads.
Costs mount with the number of elements and so usage tends to be
restricted to the more important design projects.

The "Strudl-Dynal" programs are portions of the ICES system
and available from McAuto. These programs use problem oriented
language and have common data bases and include finite element
capabilities.

They will perform static and dynamic design and have the added
advantage of being linkable to a "Reinforced Concrete Structures"
design link for either investigation or design. The Engineer has
considerable freedom in problem description and in controlling
the members to be designed making the programs useful for pre
liminary design as well.

"Nastran", "Ease", "Space" and other programs are also avail
able for both static and dynamic design but are generally used
only for the more complex analysis problems, usually where finite
element capability is desired.

Choice by the Engineer of the above programs is usually made
based on availability to him, prior usage knOWledge, or cost.

For the more common structures, where elaborate analysis is
not justified, the Engineer will more often use only the static
design capability of the simpler frame programs, listed above,
applying lateral forces separately determined from simple models
using a single mass at each floor or just code specified forces.

For concrete structures frame programs like "Strudl" or
"SPStress" are advantageous to the Engineer in that they use the
free form input of problem-oriented language, a wide choice of
loadings and structure features, the ability to factor and com
bine loadings, the collection of loadings by member, and the
ability to obtain moments at segments along the members. These
last features can greatly reduce the designers time in selecting
members for further design.

Reducing Output

This then touches on the next problem for the Engineer
associated with automated design. Namely controlling the volume
of output, and the costs associated. While it is possible to
describe all skip live loading, dead loading and seismic loading
for a building in one huge computer run, in order to seek maximums
for design this is rarely done. More often runs are limited to
seismic, dead and full live load and these are factored together
to produce the ultimate full load combinations required by code
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for lateral design. The designer can then judge where critical
portions of the structure are for design and submit only these to
further design.

Floor Design

As previously described the Engineer can turn to individual
floor member design programs which examine a continuous beam with
columns above and below and superimpose frame joint moments with
gravity loads as well as perform the necessary skip load code
requirements. The remainder of the structure can be computer
aided designed as described for shear wall structures.

SHEAR WALL AND FRAME STRUCTURES

Mixed structures pose some special design problems for the
Engineer by Code. If the bUilding is essentially a frame with
wall panels introduced for deflection control or building core
protection, the walls may be described in most of the frame pro
grams previously described and treated according to the assump
tions of the program. For finite element programs wall descrip
tions can easily be included, but size of run increases rapidly,
particularly with non-solid walls.

For essentially shear wall buildings where a frame is
introduced to reduce code seismic force requirements, the
analysis process is complicated. Here the Engineer must perform
a shear wall bUilding analysis as described before, and determine
the deflection pattern of this structure. Then, assuming code
loads have been used he must increase these deflections by some
factor of the code specified K and analyze the frame for these
deflection effects. Here "Strudl" or SPStress" can be effect
ively used for computer aided design and obtain shears and moments
to be applied as described before in design procedures.

DATA BASE APPROACH

Recently much effort has gone towards a data base handling
of computer aided design.

The ICES package of which "Strudl" and Dynal" are subsets is
intended to address this approach. The intention is to allow the
Engineer to gradually submit information and request that portions
of analysis or design be performed, this way he interfaces and
can control and limit results. Costs of learning, equipment,
errors and storage limit this process at present, but it is moving.
Larger companies. with in-house equipment can effectively utilize
this process.

The "Genesys" package has a similar approach but due to soft
ware efforts the system is somewhat machine independent and is
fractionated such that it can be mounted on smaller equipment.



It makes extensive use of standardized tables to allow program
and user interface. Substantial effort has gone into developing
reinforcing bar bending schedules as final output which can
eliminate much drafting time for presentation.

The "Taskmaster" data base system has adopted a more complex
data base storage system for building analysis and design and
stores information for each member of the building in a relation
al way. Analysis and design programs can be readily interfaced
to this data base, extracting geometry or loading information
and performing analysis and design in parts with the results
re-entering the data base. The end object is computer graphic
production of drawings. A system is operational for production
of steel drawings, but much work remains to be done for concrete
design.

NEEDS FOR THE PROFESSIONAL

What then are the needs to improve the use and results of
computer aided earthquake resistant concrete bUilding design?

First it would seem we must achieve some agreement on the
methodology and values for dynamic design. While much of the
mathematics of solution and supporting computer programs have
been developed in recent years, the modeling techniques and input
forces are more often based on opinion or assumption. We have
much work to do and data to gather on real structures and real
events to be able to formalize these procedures.

Usable values for seismic design involve social decisions as
well. While perhaps with great effort and expense all bUildings
could be designed for the worst event ever experienced, economics
do not justify this freedom from risk. Such an event may never
happen to a particular building in the life of that building.
Predicting site related forces from an event still is not a
reality. Predicting the interaction of the soil and the
structure is still in the development stage. Code procedures
for static load foundation overturning design are poorly specified
and little understood.

There is much work to be done in correlating complex non
linear analysis of realistic structures with simpler usable
design procedures. While important or vital or dangerous content
structures may justify substantial design effort, surely we can
develop simpler equivalent design procedures which provide
adequate protection to life and property for the majority of
structures.

We need simple ways to generate computer data for complex
structures. This may have to come from reverse graphics. We
cannot cause the Engineer to have to become a computer expert in
order to process data through a program. We need much technology
transfer of existing capahilities.
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While we work hard on difficult theoretical solutions, we
still lack much data on the behavior of materials under dynamic
and perhaps often non-linear conditions. How do we relate this
behavior into reasonable, simple design procedures that can be
implemented in an engineering office? The report by ACI-ASCE
Committee 352 on beam column joint design is one of many subjects
that need this type of study and treatment.

Bar development and tie requirements for ductile frames even
as now expressed in codes are extremely complex, perhaps too
much so to be readily implemented by the Engineer or to be
properly placed by the fabricator. Maybe we need to develop
simple splice mechanisms that allow all bars to be continuous.

How much of the slab in beam slab bUildings will participate
in the frame stiffness? How should likely hinge locations be
designed for the best non-linear behavior and to continue to
sustain gravity forces also present? What's the effect of long
time creep transfer of load to the reinforcing of the columns
when a dynamic event occurs?

How should we design bearing wall structures? How do we
realistically combine buckling effects in a bearing wall with
the varying load of overturning? Do we know how to predict the
shear capacity of a complex shear wall with numerous openings?
What should be done to control shrinkage cracking in buildings
which often places cracks in key elements long prior to a
seismic event?

We need to develop realistic live load requirements to be
combined with seismic forces. This obviously will have to be
related to the system performance of a building as some members
may have substantial live load and others none.

We need to relate code design procedures to true material
resistance levels such that the Engineer can visualize how a
structure is performing. If large deflections are to be anti
cipated they should be known and provided for in the design.

If brittle materials are going to fail at some point and
reduce resistance of the structure we need to have design methods
reflect this.

The ATC-3 study previously referred to has attempted to relate
recently developed information on risk, seismicity and response
of structures to elastic yield level resistance allowing for some
inelastic behavior. This type of work will have to be continued
and expanded into full codified dynamic procedures before
more automated analysis and design procedures can be effectively
implemented. .



FUTURE OF COMPUTER AIDED DESIGN

It appears there will be a continuing need for the develop
ment of more comprehensive and more complex programs to assist
the Engineer in his analysis and design. It also appears that
to control the cost of design, better approximation methods of
analysis are going to be required to allow the simulation of
dynamic effects with lesser resources of computer core and
storage. Simpler data input methods must be developed. The
development of these types of software are beyond the resources
of the typical design office and will have to be sponsored
through research institutions, and funded by group effort as
well as public funds. As the fundamental theory programs become
available they have to be verified and tested against real
building action and performance. Only after techniques that
produce meaningful results have been established can true
simplification be developed and tested.

It would seem that design routines will best be developed as
modules that treat portions of the total design process so that
they can be easily modified and can be used against the data
base developed in the analysis of the structure. Current code
rules for design are already so complex for full application to
a reinforced concrete frame that it requires the unfailing
memory of a computer to apply all of the provisions. Ductile
provisions, even as they now stand, further complicate these
rules. As they are extended they could become even more
complicated. We must strive for simplification or few ductile
frame structures will be built due to cost.

Spatial relationships will also become primary as we strive
for confinement to improve performance. Computer graphics will
begin to be most important here to display design results and
to search out and prevent conflicts. Ideally if design could
be automated to the point of resolving these conflicts and to
resolving reinforcing steel with certainty, only schedules and
then numerically controlled machine tapes for fabrication would
be required. Drawings for concrete outlines can now be easily
computer produced to describe the structure.

SUMMARY

There exists a number of computer aided analysis and design
programs for the Engineer to use today in proportioning a build
ing for static gravity and lateral loads. He can perform a
full preliminary analysis and design on a structure easily and
in little time using very modest computer eqUipment, core and
storage.

Until dynamic analysis and design procedures become codified,
methodology is going to be confused and difficult to apply in an
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economical, orderly and uniform manner. Material resistance
requires equal attention for compatible results and to incorp
orate simultaneous gravity requirements.

Data base techniques will probably be necessary to treat the
building as a system and to reduce data preparation and handling
times and effort.

Much work needs to be done to simplify and standardize
methods so cost can be kept under control and additional useful
software provided.

REPRESENTATIVE COMPUTER PROGRAM REFERENCES

Analysis and Design of Concrete W~ll-Beam Frames
Portland Cement Association, Skokie, Illinois

Analysis and Design of Foundation Mats and Combined Footings
Portland Cement Association, Skokie, Illinois

Analysis and Design of Slab Systems,
K. M. Kripanarayanan, Senior Structural Engineer,
Design Development Section,
Engineering Services Department,
Portland Cement Association, Skokie, Illinois.

Analysis of Plane Multistory Frame Shear-Wall Structures under
Lateral and Gravity Loads
Portland Cement Association, Skokie, Illinois.

Concrete Column, Ultimate Strength Design, 1971 ACI Code
Systems Professional Users Manual 1976
Systems Professional, Los Angeles.

Dynal, Structural Dynamics Analysis System,
McDonnell Douglas Automation Company,
St. Louis, Mo.

Floor Systems Supported by Central Core and Exterior Columns
Portland Cement Association, Skokie, Illinois

Footing Design Series
Column Footing Design, Axial Load Plus Moment, 1971 ACI Code
Combined or Rectangular Footing Design, Ultimate Strength

Design, 1971 ACI Code,
Systems Professional, Users Manual 1976
Systems Professional, 10s Angeles.

GenesysCPllO""'Beams/I, 1976
Genesys Limited, Loughborough, England.

ICES STRUDL-II, Volume 3, Reinforced Concrete Structures
School of Engineering,
Massachusetts Institute of Technology.



Load Accumulation and Concrete Column Stack Design
Portland Cement Association, Skokie, Illinois.

Masonry, Block or Concrete Shear Wall &Pier Design - 1976 UBC Code
Systems Professional Users Manual 1976
Systems Professional, Los Angeles.

Modified PCA Flat Plate, Flat Slab, Waffle Slab &Frame
Analysis and Design, Working or Ultimate Strength 1971 ACI
Code and 1974 Supplements
Systems Professional Users Manual 1976
Systems Professional, Los Angeles.

Multi-Story Wind or Earthquake Rotational Analysis - Shear Wall
or Frame, 1973 SEAOC and 1976 UBC Code
Systems Professional Users Manual 1976
Systems Professional, Los Angeles

Posten - Hugh M. O'Neil Company, Oakland, California

Preliminary Designs, Itemized Quantities and Cost Estimates
for Reinforced Concrete BUilding Frames
Portland Cement Association, Skokie, Illinois.

SAP IV - A Structural Analysis Program for Static &Dynamic
Response of Linear Systems
K. J. Bathe, E. L. Wilson and F. E. Peterson,
Department of Civil Engineering,
University of California, Berkeley, California.

NON-SAP - A Structural Analysis Program for Static &Dynamic
Response of Linear Systems,
K. J. Bathe, E. L. Wilson and R. H. lding,
Department of Civil Engineering,
University of California, Berkeley, California

TABS - Three Dimensional Analysis of Building Systems,
E. L. Wilson and H. H. Dovey~

Department of Civil Engineering,
University of California, Berkeley, California.

E-TABS - Extended Three Dimensional Analysis of Building Systems,
E. L. Wilson, J. P. Hollings and H. H. Dovey,
Department'of Civil Engineering,
University of California, Berkeley, California.

X-TABS - Three Dimensional Analysis of Building Systems,
E. L. Wilson and H. H. Dovey,
Department of Civil Engineering,
University of California, Berkeley, California.

Taskmaster,
Cadsys Limited,
Edmonton, Alberta, Canada
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INTRODUCTION

There has been a dramatic increase in the use of digital computers in
the seismic-resistant design of reinforced concrete buildings during the
past decade. This has been motivated by a number of factors including the
ever-present need to design structures that are safe as well as economical,
the complexity of the response of structures (particularly those constructed
with reinforced concrete) to earthquake ground motions. and the increasing
availability of economical, design-oriented computer programs. While there
have been some attempts to develop computer programs as direct design aids,
the majority of work has been directed towards development of analytical
capabilities to predict the linear elastic or nonlinear response of building
structures to prescribed static or dynamic actions. The accelerating develop
ment of computer programs for these and other design-related purposes por
tends a great number of possibilities for improving the reliability and
efficiency of seismic-resistant design.

For example, the development of reliable and economic analytical methods
capable of predicting the nonlinear dynamic response of three-dimensional
structural systems (including their interaction with 'nonstructural' elements
and the supporting foundation) to realistic seismic excitations would allow
designers to obtain quantitative information with which they could rationally
evaluate the seismic performance of individual structures. The results of
computer-based simulation studies in conjunction with field observations
of earthquake damage and experimental research could provide valuable infor
mation regarding specific parameters that must be accounted for in the design
of different types of structural systems. Such integrated studies could
also serve as the basis for formulating simplified design methods for stan
dard or simple types of structures where extensive analysis might not be
desirable or economical. In this manner, computer simUlations would also
provide a useful check on the reliability of building code recommendations.

Another use of computers is to simulate the detailed behavioral charac
teristics of individual components. Structures are generally designed to
dissipate some of the energy input during a severe earthquake through in
elastic deformations. The ability to predict analytically the mechanical
characteristics of different types of structural components under various
types of loading conditions could significantly improve design. Blch analy
tical methods, if integrated with, and corroborated by, experimental data,
could be used to: (1) improve the mathematical modeling of structural
systems; (2 ) allow designers to evaluate the ability of specific design
details to sustain the internal forces and inelastic deformations that
might be developed during future seismic events; and (3) develop standard
design details that possess desirable (and predictable) mechanical



characteristics. The usefulness of computer sillIUlations ultimately depends
on the reliability with which they predict actual behavior. It is conse
quently necessary to carefully integrate experimental and ana.lytical studies
to formulate realistic mathematical models.

Another important use of computers is the automation of standard design
practices and in the implementation of design procedures based on more
formal mathematical programming and risk analY$is theories. Automating
all or part of the design process could result in more efficient and
economic usage of materials and would free designers from routine and repeti
tive tasks.

Ob,jectives and Scope

The objectives of this paper are to review and evaluate the current
capabilities of computers to aid in the seismic-resistant design of conven
tional multistory reinforced concrete buildings and, in view of the previous
discussions, to suggest areas for future development. To do this, a general
framework describing the general design process will be presented, and the
application of computers to certain steps in this process will be discussed
in some detail. While it is not possible to present a comprehensive evalu
ation of computer usage within the constraints of a paper, selected references
will be discussed to try to put the use of computers in the different aspects
of design into perspective. Suggestions for future research and development
are offered on the basis of this study.

STRUCTURAL DESIGN PROCESS

Design is the process whereby perceived needs are transformed into
physical solutions capable of fulfilling these needs. This generally entails:
an iterative procedure (Fig. 1) of synthesizing needs, functional or prac~

tical constraints, engineering principles, and other related information
into a feasible solution; assessing the value of this solution; and deciding
whether the solution is acceptable or llIUst be modified. From this theoreti
cal perspective, the structural design process can be analyzed in terms of
a number of disciplines including the broad field of psychology (problem
solving), operations research, information control theory, and so on.
Becker [lJ has reviewed the general philosophy of design and has implimented
a computer-based model to aid structural designers to acquire, manipulate,
and generate information necessary to identify appropriate design alterna
tives. While such general computer-implimented design methodologies are
powerful tools in understanding the overall design process and in achieving
rational solutions to complex multifaceted problems, the focus of this paper
concerns the more typical application of computers to the seismic-resistant
design of reinforced concrete multistory buildings.

FIGURE 1. BASIC DESIGN PROCESS
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The basic seismic-resistant design process considered in this paper
concentrates on the seismic aspects of structural design and is schematically
illustrated in Fig. 2. This process consists of the 3 components shown
in Fig. 1 (synthesis, evaluation, and decision), but the design steps are
grouped in different phases for convenience of discussion and tp illustrate
the potential use of computers. It is important to realize that the actual
interdependancy of steps is much more complicated than the unilateral pro
cesses generally indicated in this figure. For example, minor changes in
the structural system (e.g. increased mass) may effect the gravity loads,
dynamic response characteristics, the magnitude and distribution of seismic
forces, and so on, which may in turn reQuire modification of the structural
system (e.g. increased member capacities). In many of the simplified design
procedures currently used in practice, many of the steps indicated are
implicitly incorporated into the design assumptions or performed by the
designer on the basis of intuition, Judgment, and experience.

The basic seismic-resistant design process considered consists of 4
phases: definition of structural environment; functional planning; predic
tion of structural behavior; and reliability analysis.

Definition of structural Environment

In the first phase, the structural environment is defined. Of particu
lar concern to seismic-resistant design is the nature of the design earth
Quake and the gravity loads, although other factors such as wind loading,
ground settlement, fire potential, and so on must also be considered.
Computers have been widely used in the establishment of design earthQuakes,
but this application will not be discussed in detail in this paper. Basic
problems that must be considered in establishing such design criteria are
discussed in Refs. 2 - 4. Computers have been used to assess the effects
of local geology on the ground motions that might be experienced at a par
ticular site [5]. Methods have also been developed to derive a ground motion
that is critical for the elastic response of a particular structure [6].

Functional Planning

In the second phase, basic functional reQuirements are identified,
design criteria to ensure the satisfaction of these reQuirements are estab
lished, and a basic conceptual design that will meet these general objectives
is formUlated. Computer-generated parametric studies can be valuable as
guidelines at this stage to help the designer assess the overall response
characteristics of various types of structural systems. A limited number
of such studies have been completed for single-story [7-9] and multistory
[9-12] buildings for a variety of modeling assumptions. Additional studies
of this type are desirable.

Prediction of Structural Behavior

In this phase, a structural design is obtained iteratively by comparing
the analytically-predicted behavior of a succession of trial designs with
the basic design criteria established in the second phase. The third phase
consists of a number of steps (Fig. 2). The first of these is to idealize
the actual structure into a realistic mathematical model capable of being
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analyzed. Once this is done the basic design criteria must be expressed
in terms of parameters that can be related to the structural idealization.
The implications of this step will be discussed in more detail subsequently.

Preliminary design (proportioning) of members can be performed in a
number of wa;ys. In discussing design methods it is useful to introduce
the concept of limit states [13]. A limit state refers to the state of a
structure when it ceases to fulfill its functions or to satisfY the criteria
for which it was designed. Such critical states are generally grouped into
2 broad categroies: serviceahility and ultimate (or safety) limit states.
Limit state design formats encourage the use of probabilistic methods,
and Sawyer [14] has suggested a comprehensive design procedure 'in Which
the resistance of a structure at its various limit states is related to
the probability that excitations capable of producing those failure states
would occur. In this manner, the total life cycle cost of a structure may
be minimized. Since the parameters and structural characteristics control
ling each of the limit states will generally be different, it is usef'ul to
discuss each pertinent limit state separately.

" ••• structures designed in conformance with the provisions and
principles set forth herein should be able to:

(l) Resist minor earthquakes without damage

(2) Resist moderate earthquakes without structural damage but
with some nonstructural damage

(3) Resist major earthquakes of the intensity of severity of
the strongest experienced in California, without collapse,
but with some structural as well as nonstructural damage.

For convenience these 3 limit states will be referred to subsequently
as serviceability, damageability , and safety states, respectively. Current
DBC [16] and SEAONC [15] design reco=endations attempt to satisfY the
requirements of all 3 limit states by imposing a single set of equivalent
static lateral forces on an elastic structural idealization in conjunction
with a num~er of design and detailing requirements. Such single-state
design procedures are convenient for manual computation and have generally
achieved satisfactory seismic safety. Current UBC [16] provisions require
explicit consideration of the dynamic characteristics of complex, irregular,
or unusual structures. In such cases, or when it is desirable to derive
(using parametric studies) design forces for use in simplified preliminary
design procedures for standard types of structures, the 3 limit states
Should be considered explicitly. Design forces (or deformations), design
methods, and structural idealizations consistent with each limit state
should be employed. These procedures will be discussed in a subsequent
section.



Once a preliminary design is formulated it should be evaluated to
determine whether it satisfies the design criteria established for each
limit state. If it does not, the design must be modified and the process
repeated. Analytical methods appropriate to evaluate the structural behavior
for each limit state will be subsequently discussed.

When the basic proportions of the structure are determined, the critical
regions must be detailed to withstand the forces and inelastic deformations
that they are likely to suffer during severe ground motions, and the non
structural elements must be detailed to minimize damage that they might
suffer during moderate seismic excitations. To do this effectively, the
designer must have meaningful indicies of the damage-producing deformations
in nonstructural elements and of the forces and inelastic deformations that
malf develop at various critical regions in the structural components. It
is also necessary to have reliable methods for determining the ability of
nonstructural and structural details to sustain the deformations and forces
that they may develop. Analytical methods for predicting the behavior of
critical regions will be discussed later.

The reliability of the final design should then be assessed and compared
with other feasible designs. In most cases this is currently done on the
basis of engineering judgement and initial construction costs. Methods ac
counting for earthquake hazard probabilities, structural behavior predictions,
and economic as well as other losses associated with probable damage have also
been formulated [17]. However, very few practical applications of these methods
have been attempted (e.g. Ref. 18), partly because of the expense involved, the
large number of variables that should be considered for actual structures, the
difficulty in associating costs with damage, and many other technical and poli
tical problems [17]. However, such methods provide a rational basis for asses
sing seismic risk and for increas,ing the efficiency of structural d~signs.

These methods will undoubtedly become more common as computers find greater
utilization in design.

PRELIMINARY DESIGN METHODS

As discussed previously, at least 3 limit states should be considered
in a comprehensive design process. These are serviceability, damageability,
and safety. Suggestions have been advanced for designing a structure for
2 limit states using a dual-spectrum criterion for seismic loading [19].
Member 'damage threshold' and structural 'collapse threshold' seislldc events
were defined. A nturiber of existing buildings were redesigned using these
criteria, and they were analyzed elastically to assess the impact of this
type of design philosophy on structural costs and performance [19].

Since different types of structural behavior is expected in each state,
different methods of design would be appropriate in each. Methods for
achieving a balanced design that optionally satisfies the requirements of all
3 limit states simultaneously have not been adequately researched.

Servi ceability

Under minor earthquake ground motions that might occur frequently during
a structure's service life, no damage should be accepted. In this case, the
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structure would behave essentially in the elastic range. Thus, the design
earthquake might reasonably be defined in terms of an elastic response
spectrum and design forces derived using well-known procedures [4]. Stan
dard design practices could then be used to select member sizes. Consider
able work has been conducted by individual organizations to automate this
elastic design process using computers of various sizes and capabilities
[20]. While numerous applications of various optimization procedures have
been applied to steel structures to minimize weight and control drifts under
equiValent-static lateral seismic forces [21-23], few corresponding examples
can be found for reinforced concrete structures.

Damageability

Considerable economic losses during moderate earthquakes can be attri
buted to damage to nonstructural elements [24,25J. Definitions of this
limit state was formalized in Ref. 26. Quantitative design indices to
account for damageability as well as the other limit states have also been
introduced [26]. However, data related to damage-producing thresholds for
various nonstructural elements is not extensive at present, and consequently
design for this limit state remains largely judgmental.

Under severe ground shaking the structure must not collapse. Economic
considerations generally require that some of the energy input during such
events be dissipated by large, yet controlled inelastic deformations. In
such cases the structure might be reasonably expected to suffer significant
structural and nonstructural damage. Most current design methods consider
safety by using elastic structural idealizations and design forces consider
ably smaller than those that would likely develop in the structure during
a major earthqUake if it remained elastic. A number of methods for specify
ing reduced design forces have been suggested to allow the designer to
control the expected amount of inelastic action. Most of these are based
on the computed dynamic response of ideal single degree-of-freedom (SDOF)
systems assuming elasto-perfectly plastic structural behavior (e.g., see
Ref. 28). Recent analytical studies [2] indicate that the ground motion
characteristics controlling the response of yielding structures are differ
ent from those that govern the behavior of elastic structures. On the basis
of these results. special care should be exercised in establishing design
earthquakes for safety limit states if a structure can be exposed to excita
tions producing large inelastic deformations (e.g. structures sited near
potential fault ruptures).

Another fundamental problem is to establish methods for deriving the
distribution and magnitude of the equivalent static lateral design forces
for inelastic multiple degree",of-freedom systems. Inelastic design response
spectrum are generally derived for SnOF systems. Since the principle of
mode superposition is not applicable for structures that respond in the
nonlinear range, it is not clear Whether reliable design forces can be
obtained using inelastic design response spectra and elastic modal charac
teristics in a manner analogous to that used for elastic spectral design
[4]. Research is needed to determine the applicability of such methods
and to develop improved methods for deriving inelastic design forces for
multiple degree-of-freedom systems.



SEISMIC ANALYSIS PROCEDURES

When there is sufficient experience with the seismic performance of
particular types of structural systems during past earthquakes. or where
the seismic exposure or hazard is low. it may not be necessary to perform
detailed seismic response analyses. In such cases, it is desirable to
construct a structural system for reasonably high seismic forces and to
provide it with a large energy dissipation capacity. Current codes [16]
require eValuation of the dynamic response characteristics only for complex
or unusual buildings. Whenever possible, however, the adequacy of the pre
liminary structural design should be analyzed to determine if it satisfies
the design criteria for each Umit state. The analysis methods used in each
case should be consistent with the anticipated structural behavior in each
of the limit states. For example, linear elastic structural idealizations
may be appropriate for serviceability checks, but nonlinear response
idealizations may be required for damageability or safety limit state
analyses.

Serviceability

Many general computer programs have been developed to analyze elastic
structural systems [33,34]. A number of programs have been written to take
advantage of co=on structural features encountered in many building systems
and to have computer-designer interfaces appropriate to the design of buil
dings [35,36].

For example, the computer program *ETABS* [36] idealizes buildings as
a system of independent, vertical frames interconnected at each floor level
by diaphragms that are rigid in their own plane. Frames need not be planar,
and they can be located arbitrarily in plan. Horizontal beam element, ver
tical column elements, diagonal bracing elements, and shear (infill) panel
elements may be used to model the frames. In general, the elements allow
consideration of a wide variety of factors encountered in building struc
tures: distributed loads on beams; axial shearing and bending deformations
in columns; rigid beam-column joints; etc. Various combinations of vertical
and lateral static loading may be considered. Response may be determined
for a single horizontal component of ground motion specified in terms of
an acceleration time-history or as an acceleration response spectrum. A
combination of convenient input/output formats, generally reasonable struc
tural idealizations, and program efficiency has led to significant profes
sional utilization of such programs.

The addition of a number of features would improve the usefulness of
such special purpose programs. For example, options for automatic compari
son of computed member internal forces with code permitted values and for
expanded output capabilities (including computer graphics) would assist in
interpreting the analytical results. Incorporation of procedures that
permit automated redesign of the structure or detailing of members would
also be valuable.

The appli cability of such programs could also be broadened by incor
porating certain additional features. Some of these are:

1003



1004

(1) Consideration of the vertical as well as the 2 horizontal
translational components of ground motion;

(2) Capabilities to account for in-plane floor diaphragm
deformations;

(3) Capabilities to consider multiple floor diaphragms at a
level to permit considerations of structures having sev
eral penthouses, that branch into more than one tower
above a certain level, etc; and

(4) Capabilities to consider realistically pierced struc
tural walls or structural cores (possibly using finite
element and substructuring techniques [36]).

No matter how refined. the analytical method, the reliability of the
results obtained depends on the accuracy with which the structural and
nonstructural elements are modeled. Problems with modeling reinforced
concrete buildings are particularly complex. (For a discussion on some of
these see Ref. 29.) Improved methods for modeling floor systems [37,39],
structural cores [37,40], and nonstructural elements [41] have recently
been developed, but further refinements are needed. Guidelines for selec
tion of damping values should be expanded based on the type of structural
system, nonstructural elements, and the severity of excitation.

Damageability

Analytical methods to account for the damage to nonstructural compo
nents have not been extensively developed. Where nonstructural elements
are not expected to contribute significantly to the structural response,
they are generally disregarded. In this case, the damage to nonstructural
elements is estimated in terms of structural response parameters, generally
floor accelerations and story drifts. There is very little reliable data
available to make such interpretations more than qualitative estimates of
damage. Furthermore, horizontal story drifts as typically computed may
not adequately represent the true damage potential in multistory structures
[38]. In some structures, a considerable portion of the horizontal displace
ment may result from column axial deformations, as shown in Fig. 3. A
better index of nonstructural damage to panel shearing type. of deformations
might be the tangential story drift index, R, (Fig. 3) which can easily be
incorporated in most computer programs.

Where nonstructural elements may effect structural response, they
should be included in the structural model. However, few realistic models
exist to idealize the nonlinear behavior of common nonstructural elements.
Computer-based studies of the nonlinear dynamic response of an elastic
infilled frame have been reported [41] for the case where the frame and
infills were initially separated by a small amount. Idealizations based
on diagonal braces to represent the nonlinear mechanical characteristics
of structural masonry infills have been recently developed [42].
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Since structures are generally designed to sustain significant struc
tural as well as nonstructural damages when exposed to a major earthquake,
it is usually necessary to use nonlinear analysis techniques to predict
their behavior. It has been shown that interpretation of results of elastic
analyses to estimate inelastic behavior is difficult and, in many cases,
unreliable [29]. The following discussion will focus on 3 main topics:
mechanical models for idealizing nonlinear structural behavior; available
computer programs in which such models are implemented; and evaluation of
analytical results.

Nonlinear mechanical models. - Two different approaches have been
attempted to account for the stiffness degradation that may occur in multi
story buildings during earthQuakes: a shear building idealization and a
discrete member idealization.

The first approach to this problem has been to represent the gross
interstory shear deflection characteristics of a structure by an analytically
or empirically derived model which incorporates some type of stiffness
degradation. In this case, the actual structure is idealized as an inelastic
shear building. Several investigators have conducted parameter studies of
single-story [7-9] and multistory [9,10] shear buildings, and the method
has been widely used for design [9,43] and seismic damage studies [44-46].

This shear building idealization is very attractive for high-rise
buildings because the computational efforts required to consider the effects
of inelastic behavior and multi-dimensional structural response is relatively
small. The principal disadvantages of the method, however, are the diffi
culty encountered in realistically modeling tall buildings a3 shear
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structures and the problems involved in determining the required interstory
shear-drift relationships.

The second approach has been developed to account for the behavior of
individual structural members. The approach is based on simplified nonlinear
member mechanical characteristics which make it possible to estimate the
magni tude and distribution of inelastic deformations throughout a moderateJy
sized structure with reasonable computational effort.

A common idealization used for flexural members has been that of con
centrating the inelastic deformations. when they occur. at the ends of the
member; in doing this. Clough et al. [47] assumed a bilinear hysteretic
moment-curvature relationship which reSUlted in a two-component. parallel
element model that has found considerable application in the analyses of
both steel and reinforced concrete structures. Walpole and Shephard [48]
and Mahin and Bertero [29] have developed computer programs to evaluate the
seismic performance of planar reinforced concrete frames using elements
based on bilinear hysteretic moment-curvature relationships. This ideali
zation disregards the stiffness degradation that may occur under moment
reversal.

Several investigators have formulated more refined mathematical models
to account for the stiffness degradation that may occur in flexural members.
Generally. inelastic deformations have been assumed to occur only in regions
located at the ends of an element. In such cases. the flexural stiffness
properties may degrade over 2 separate regions of the member due to prior
inelastic actions. Consequently. calculation of the element stiffness is
more complex than for the shear building analogy since indices of inelastic
deformations at 2 separate locations must now be considered in the mathema
tical model.

On the basis of beam-column sUbassemblage tests. Imbeault and Nielson
[49] have formulated a degrading stiffness model in which the primary stiff
ness of a conventional bilinear hysteretic model. K. is reduced as a func'.;,
tion of the maximum system displacement. Dmax. The primary stiffness of
the resulting degrading bilinear hysteretic model is given by:

K = K tDYieldja
o ID Imax

(1)

where Kp is the initial elastic stiffness. Dyield is the yield displacement.
and a is an empirical constant. The strain-hardening stiffness has a con
stant value. This model was applied to bilinear hysteretic flexural elements
by using a norm of the inelastic deformations at each end of the element as
an index of displacement. and by varying the primary slope of the element's
governing moment-curvature relationship according to ECJ.. (1) • Anderson [50]
has shown that this model can be incorporated into computer programs based
on conventional two-component flexural elements with negligible increase
in computational effort. It is not clear. however. whether such idealiza
tions remain applicable if the inelastic deformation expected at each end
of a member are greatly dissimilar. or if substantial degradation of stiff
ness occurs due to large inelastic deformations.



Yoshioka, Takeda and Nakagawa [51] have formulated an analytical model
in which an elastic f'lexural element is connected to the rest of the struc
ture by nonlinear rotational springs at each end. The moment-rotation
relationships which control these springs include both yielding and stiffness
degradation according to the Takeda degrading stiffness model [52]. Although
this approach explicitly accounts for the degradation of stiffness that may
occur at each end of the member, the appropriate spring stiffness may be
difficult to establish in practice. Powell [53], and Guendelman-lsrael and
Powell [54] have implimented this type of element in general-purpose
nonlinear dynamic analysis fiJrograms.

Otani [55] has suggested that a flexural element may be analytically
separated into 2 cantilever elements at the point of inflection. By using
2 independent semi-empirical degradation laws to determine the stiffness
of each of the 2 resulting cantilever elements, it was possible to recon
struct the element's flexural stiffness. Although good agreement with
experimental data has been reported, a number of undesirable features have
been observed (e.g. unsymmetric stiffness coefficients, solution instability,
etc.) •

Umemura and others [56] have developed a comprehensive computer program
that accounts for the stiffness degradation occurring in beam-columns, joints,
and shear walls. The method is based on an assumed parabolic distribution
o:f :flexural and shear stiffness along flexural members. The effective
sectional stiffness (El) at the ends of the member is based on a trilinear
hysteretic stiffness degrading model, and the initial sectional stiffness
is assumed at the point of inflection. Substantially improved results,
compared to comparable shear building analyses, have been reported by these
authors.

Mark [54] has developed a computer program to compute the static and
dynamic response of slender flexural elements based on a 'fiber' model that
accounts explicitly for the nonlinear stress-strain behavior of the various
layers of steel and concrete across the depth of a section. While results
reported for this model are in better agreement with experimental results
than some other simpler models studied, the author reports a number of
theoretical and practical deficiencies with the model. Shearingdeforma
tions, bond deterioration, and joint rotation due to slippage of anchorage
reinforcement have not been acco1.IDted for. The method must consider very
small deformation increments in order to achieve accuracy so that it may
not be an economical or practical design tool. However, methods such as
these when experimentally verified would be valuable in evaluating special
details or structures and in developing and assessing simpler analytical
models that could be practicable for design.

Difficulties are also enco1.IDtered in modeling the nonlinear character
istics of structural components such as columns, structural (shear) walls,
and floor systems. The cyclic hysteretic behavior of reinforced concrete
members subject to combined bending and axial load [57] is generally much
more complex than can be represented by existing simple models. The behavior
of structural walls is also complex [58], but it is not certain whether
simple one-dimension models or even complex laminar models would be adeQuate
due to the large contribution of diagonal cracking and shearing deformations
to the overall deflections. The assumptions used in modeling floor systems
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can have a large effect on the computed structural response [29]. While
there are methods [39] for estimating the elastic stiffhess characteristics
of some types of floor-slab systems, modeling of their nonlinear mechanical
characteristics is difficult [59]. Further development and e:x;perimental
corroboration is needed for these type of structural components.

Available computer programs. - In addition to the programs developed
to impliment the models discussed above, several general purpose nonlinear
programs have been written. Representative of those based on bilinear
hysteretic moment-curvature relationships is *SERF* [29] which incorporates
a number of features appropriate for modeling R/C structures such as non
symmetrically reinforced sections and realistic column axial force-bending
moment interaction curves. The structure is idealized in this program as
a planar assemblage of horizontal, axially inextensible beam elements, ver
tical column elements, and diagonal bracing elements. Finite-dimensioned
beam-column joints are assumed to be rigid. Gravity loads and horizontal
and vertical ground accelerations can be considered. The simplicity of such
idealizations permits computational efficiency, but problems such as unusual
structural geometries, stiffhess degradation, and torsion cannot be accounted
for.

General purpose computer programs such as *DRAIN-2D* [53] solve some
of these problems by not limiting the structural geometry and by incorpora
ting a larger number of nonlinear element models. For example, this program
includes a stiffness degrading beam-column .element as discussed previously,
in addition to bilinear hysteretic beam-column elements, diagonal bracing
elements, ·shear panel elements, and flexible joint elements. New element
models can be easily added. However, this program is still limited to two
dimens.ional structural idealizations, and its input/output options are
oriented to general, rather than building, types of structures.

An increasing number of general-purpose three-dimensional nonlinear
dynamic computer programs have been developed recently. For example,
*DRAIN-TABS* I 54] idealizes a structure as an array of vertical planar
frames arbitrarily oriented in space. Individual frames are modeled in a
similar fashion to the program *DRAIN-2D*. Horizontal displacements of
joints in diffel·ent frames can be kinematically related to achieve a rigid
in-plane floor diaphragm effect, but the vertical and rotational displace
ments of joints common to 2 frames cannot be coupled in the program. Thus
structures where such coupling is important (e. g. tubular frame buildings)
cannot be modeled adequately with this idealization. An approximate proce
dure has been incorporated to account for the effect of axial load on the
moment capacity of columns common to more than one frame. Vertical and 2
horizontal components of ground motion may be considered in addition to
static gravity loads. This program permits the response analysis of many
types of complex structural systems. but it cannot account for coupling of
nonplanar frames, and it uses approximate techniques to account for so-called
p-/:; effects.

More analytically versatile three-dimensional programs have been
developed, such as *ANSR* [60], but these generally do not now have exten-
sive building-related element libraries. Expansion of these element libraries
to include basic material models (e .g. multiaxial concrete models, steel
models, and bond-slip models) in addition to simpler nonlinear member



idealizations would result in powerful research tools that could be used
to formulate simplified numerical techniques consistent with design require
ments and to assess the reliability of simplified mechanical idealizations.

From the perspective of design application, it would be desirable if
the computer programs used for safety limit-state eValuations could also
efficiently check serviceability conditions. Alternatively, the input data
should be similar for the programs used for these different state evaluations.
This would reduce the costs and the possibility of errors in preparing 2
sets of data. Even where serviceability checks are not necessary, elastic
analyses are often required to determine mode shapes and periods. Another
useful, though not generally inclUded, program feature would be a restart
capability. This would permit inexpensive data checks, execution time
estimates, some capabilities for manual modification of structural parameters
during execution, and consideration of post-earthquake events such as after
shocks, fire, and repair.

Where large or complex structural systems are to be analysed, the cost
of the analysis may be prohibitive using conventional solution techniques.
Investigations into methods for increasing the efficiency of such analyses
(e.g. use of sUbstructuring techniques, development of 'macroelements' [21),
iterative methods, etc.) should be conducted.

Evaluation of results. - A problem inherent with all nonlinear analysis
methods is the difficulty in interpreting results. This problem has 3
aspects: (1) identification of critical response parameters that should
be output; (2) presentation of these response parameters; and (3) evaluation
of response parameters in terms of actual structural behavior.

As discussed in Ref. 38, different response parameters are needed to
evaluate various aspects of building response. For example, in assessing
overall response, it is useful to know the maximum floor level displacements,
accelerations, and overturning moments, the story (or local panel) drifts,
and the story shears and torques. Provisions for extracting such informa
tion should be included in building-oriented computer programs. Parameters
presented regarding individual member behavior should be selected on the
basis of their ability to reflect the actual behavior of the member, espe
cially when simplified member idealizations are used. In addition to maxi
mum internal forces, realistic indices of the peak and cumulative inelastic
deformations and the number and severity of inelastic reversals are needed.
A discussion of problems in defining such indices is contained in Refs.
29 and 38.

The large quantity and complexity of the results obtained with nonlinear
computer programs necessitates an output format that facilitates interpre
tation of the results and evaluation of the structural performance. Con
siderable development of output capabilities (including computer graphics)
is needed.

The results computed on the basis of simple analytical models must be
interpreted in terms of the expected behavior of real structural elements
subjected to similar loading and/or deformation histories. To do this it
is necessary to have empirical or analytical data related to the inelastic
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deformation capacity of members. While there is considerable experimental
information related to the hysteretic behavior of various types of members,
these results are not generally expressed in terms of nondimensionalized
or other parameters that can be applied to other situations. For example,
experimentally obtained ductility factors based on displacement cannot
be used to assess analytical results obtained for structures with different
geometries. Also, little information is available relating the cUllDllulative
energy dissipation capacity to the loading history. Thus, it is important
to coordinate analytical and experimental research objectives, and to express
response parameters in consistant, physically meaningful ways in both ex
perimental and analytical investigations.

DETAILING

Members must be detailed to withstand the internal forces and inelastic
deformations that may be reCJ.uired of them in their various limit states.
Computers can be advantageously used at this stage in the design proces s.
First, computers can be used to impliment standard design details such as
those reCJ.uired by building codes [61]. Secondly, computer programs can be
developed to simulate the behavior of specific design details. The capa
bility to predict reliably the local behavior of a critical region accoun
ting for its detailing for various loading conditions permits: (1) reconcil
iation of force and/or deformation demands for various critical regions pre
dicted in structural response analyses with an analytical-derived capacity
estimate based on the actual detailing; arid (2) evaluation and improvement
of standard details without the expense of experimental investigations.
Current procedures for numerically simulating the behavior of critical
regions SUbjected to uniaxial bending and bending in combination with axial
load and shear will be briefly examined in the following.

Constitutive Relationships

The accurate representation of the stress-strain relationships for
concrete and reinforcing steel and of the bond stress-slip relationship
govenling the interaction of the 2 materials are crucial to predicting
member behavior. Steel is commonly idealized as being elasto-perfectly
plastic. Several investigators [57,62-65] have formulated more realistic
analytical models for the hysteretic stress-strain behavior of reinforcing
steel. These differ SUbstantially from the elasto-plastic idealization,
especially under large strain reversals. It has been shown that the flexural
characteristics of reinforced concrete sections are very sensitive to the
detailS of the hysteretic behavior assumed for the reinforcement under
monotonic loading [29,62] and especially under strain reversal [57,63].
Therefore, these analytical models must be refined as much as possible to
reflect actual reinforcement properties.

Confined concrete in reinforced concrete flexural members is under
complex multiaxial states of stress [66]. A number of uniaxial stress
strain models have been formulated accounting for the amount of transverse
reinforcement under monotonic loading [66-68] and strain reversal [57,63,66].
It appears that the CJ.uantity of confinement provided has a substantial effect
on the concrete stress-strain relationships,. and further research is neces
sary to define these relationships. However, studies [57,63] indicate that
the details of the assumed relationships for loading and unloading do not



generally have a significant effect on computed moment-average curvature
relationships.

The typical kinematic assumption of linear strain distribution is not
strictly valid in beams because of the bond deterioration that occurs in
the vicinity of cracks. Substantial experimental and analytical research
is currently being conducted in this area [63], but few reliable analytical
models have been developed thus far.

Moment-Average Curvature Relationships

A number of computer programs have been developed to predict the moment
average curvature relationships that would develop in flexural members
assuming linear strain distributions for monotonic loading [29,69] and
load reversal [57,62,63,66]. Some of these can account for spalling of
unconfined concrete [29]. Results of analyses conducted with such methods
indicate that significant errors can result in the predicted behavior if
realistic material properties are not used. For example, use of specified
minimum material strengths and simplified stress-strain relationships can
significantly underestimate the moment' capacity of a section and therefore
the actual shears that might develop in a member [29]. Studies also indicate
that confinement of the concrete by closely spaced ties can substantiallY
increase the maximum curvatures that a section can develop. However, there
is very little experimentally derived data to indicate when buckling of the
longitudinal reinforcement would occur or what value of maximum concrete
strain (or section curvature) can be developed as a function of the concrete
properties, the amount and location of longitudinal and transverse reinforce
ment, shear span ratio, and so on. Consequently many programs assume failure
occurs when the flexural strength drOps below an arbitrary fraction of the
ultimate capacity [62] or when the solution algorithm fails to converge [69].
To estimate the maximum curvature that a section can reliably develop,
research must be directed to experimentally refine failure criteria for
such members.

Effect of Axial Load

While many of the programs for monotonic loading conditions discussed
in the previous section have the capability of including nonzero axial loads,
fewer programs are available to compute the effect of curvature reversal
on the hysteretic behavior of such members. Under monotonic loading, axial
compressive forces reduce the maximum curvature the section can develop
and generally produce a substantial drop in moment capacity once spalling
initiates [29]. Studies of columns indicate much more complex behavior
[57,70] on deformation reversal than is usually exhibited for zero axial
load, especially for cases where moment and axial force vary simultaneously
[57]. Further analytical refinements are necessary to investigate the re
quired amount of transverse reinforcement necessary to confine the concrete
core and laterally restrain longitudinal reinforcement so that premature
failure will not occur, and to develop better member mechanical idealizations
for overall structural analysis programs.
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Effect of Shear

It is desirable that members be detailed to fail in a ductile flexural
mode rather than brittly in shear. Consequently it is necessary to propor
tion the transverse reinforcement in flexural members to resist the maximum
shear forces that would actually be developed. A recent computer stuay
[59J of code-based shear reinforcement requirements [16] indicates that
there are a nurriber of ambiguities in applying code specifications to realis
tic sections and points out the need for carefully modeling material proper
ties and member boundary conditions when stuaying shear.

A sUbstantial portion of the deflections in reinforced concrete members
can be contributed by shearing deformations. In an experimental and analy
tical stuay of this problem, Ma, Bertero, and Popov [63J developed a simpli
fied computer-implimented model to predict the shear force - shear deforma
tion hysteretic relationship of reinforced concrete beams. This model in
cluded the effects of aggregate interlocking, stirrup-tie resistance,
dowel action, and the shear resistance of uncracked concrete. Reasonable
correlation of experimental and analytical results were reported, particu
larly for the initial loading stages. Further refinements in the modeling
of aggregate interlocking, dowel action, and bond deterioration were sug
gested to improve such models.

CONCLUDING REMARKS AND RECOMMENDATIONS

A general overview of the use of computers in the design of reinforced
concrete buildings has been presented. Computers are being applied in a
wide variety of ways to the design process, and there has been a very rapid
increase in computational capabilities during the past few years. In order
to coordinate future research efforts and to avoid duplication , it would
be desirable to conduct a comprehensive survey [ll] of available computer
programs and their capabilities.

A number of theoretical perspectives for eValuating the overall design
process (seismic risk analysis, limit states design, and comprehensive
design) have been reviewed. The efficient implimentation of these concepts
depends heavily on the ability to predict structural behavior under various
loading conditions. The development of reliable and economical computer
based simUlation procedures will not only give designers greater confidence
in their design decisions but may allow for the practical implimentation
of these more quantitative design evaluation and decision procedures.

Full realization of the potential for computers in the design process
depends partly on the education of the design profession to the design capa
bilities of computers but also on the development of versatile, economic,
and reliable computer programs that are design oriented. Most computer
.software development has been oriented towards the basic analytical problem
of predicting seismic response. There is considerable need to present the
results of such analyses in a form that is easily interpretable in terms
of expected building performance and to develop computer capabilities to
redesign structures or detail members on the basis of analytically obtained
results.



Computer-automated design procedures which impliment standard design
recommendations are becoming more common. Considerable research is needed
on how to formulate preliminary design proportions based on the expected
design environment and the various limit state requirements. Development
of optimation procedures for elastic and inelastic systems subjected to
generalized earthquake-like loading is desirable. Methods to specify re
liable design forces for inelastic mUltiple degree-of-freedom systems should
be investigated.

Dynamic response capabilities are generally quite extensive for elastic
systems. Comparable capabilities are desirable for structures that respond
in the inelastic range. Experimental and analytical research is needed to
formulate and verify mathematical models for the behavior of most reinforced
concrete structural components. The reliable modeling of structural systems
remains one of the most significant problems in analysis. Methods for ac
counting for nonstructural elements are needed. Development of I/O capabili
ties to assist users in preparing data and interpreting results are needed.

The detailing of critical regions portends SUbstantial opportunities
for applying computers to design. Considerable research is being conducted
to formulate mathematical models for predicting local member behavior.
Establishment of realistic constitutive relationships, particularly for the
reinforcement and for the bond between concrete and steel is particularly
important. Experimentally derived failure criteria for members are needed
based on the detailing of the region and loading history. Methods to
include the effect of shear and axial force are needed for flexural elements.
Studies of the nonlinear mechanical characteristics of structural walls and
floor slab systems are also desirable.

Analytical investigations related to a particular phase of the design
process should be carefully integrated and coordinated with the requirements
of, and studies on, other design phases in order to optimize their utility.
For example, it would be desirable that analytical investigations related
to the overall response of a structure dnd those related to prediction of
the inelastic deformation capacity of individual critical regions use similar
response parameters so that results can be compared. It is also necessary
to integrate experimental and analytical investigations. Not only is it
desirable to corroborate mathematical models with experimental data and to
devise realistic experimental loading (deformation) histories using realistic
mathematical models, but analytical and experimental respon5e parameters
should be expressed in a consistent and nondimensionalized manner in order
to facilitate interpretation of results.
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