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Preface

The material contained in these three volumes constitutes the proceedings of a workshop
on Earthquake-Resistant Reinforced Concrete Building Construction (ERCBC) sponsored by
the National Science Foundation, and held at the University of California, Berkeley, July 11-15,
1977. The main purposes of the workshop were to provide a means for the exchange of infor
mation related to the state-of-the-art and state-of-the-practice in the design and construction of
seismic-resistant reinforced concrete buildings, to evaluate current progress, and to establish
research needs and priorities for future work.

The specific objectives and organization of the workshop are summarized in the Introduc
tion to the first volume. The final recommendations of the workshop form the main body of
that volume. Four appendixes follow, containing the program, the list of participants, the list
of working groups, and, lastly, a research directory.

Volumes 2 and 3 comprise the technical reports and papers that were presented. These
furnished the background material for the discussions which ultimately resulted in the final
recommendations of the workshop.

It is hoped that these proceedings will help mitigate the destructive effects of earthquakes
by encouraging practitioners to implement those recent findings from the research and profes
sional communities that will improve current practice in ERCBC, and by providing researchers
and agencies sponsoring research with guidelines for ensuring that future research is oriented
toward solving current problems. It is also hoped that the proceedings will serve to stimulate
communication and improve cooperation between practitioners, educators, researchers, and
representatives from industry and government agencies working in the field of ERCBC.

It is not possible here to thank all the individuals who contributed to the success of the
workshop, but a few should be mentioned. The assistance of Dr. John B. Scalzi, Manager of
the Earthquake Engineering Program of the National Science Foundation, during the planning
of the workshop, and his continuous support and encouragement are gratefully acknowledged.
The able assistance of Dr. Stephen A. Mahin, who acted as organizing secretary, throughout all
phases of the workshop is greatly appreciated. In addition, thanks must be extended to the
members of the steering committee: W. Gates, N. Hawkins, J. Scalzi, M. Sozen, and L. Wyl
lie, Jr., for their technical assistance; to the session chairmen; the heads and recording secre
taries of the working groups; to H. Barry and L. Reid of University Extension for coordinating
schedules, arranging accommodations, and making the workshop an enjoyable experience for all
the participants; and to L. Tsai, not only for invaluable editorial assistance in the preparation of
these volumes, but for her continued help throughout the various phases of the workshop.
Finally, special and sincere appreciation goes to the authors of the technical reports and to all
the participants, who took time from their busy schedules to collaborate in the workshop. The
success of the workshop is the result of their individual and combined efforts.

Funding for this workshop was made possible by grant ENV76-01923 from the National
Science Foundation. Their support is gratefully acknowledged. These proceedings constitute
the final report to the sponsor. The conclusions and recommendations expressed herein do not
necessarily reflect the views of the National Science Foundation.
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Vilelmo V. Berlero
Berkeley, California
June 1978
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WORKSHOP ON EARTHQUAKE-RESISTANT REINFORCED
CONCRETE BUILDING CONSTRUCTION (ERCBC)
University of California, Berkeley, July 11-15, 1977

DESIGN OF REINFORCED CONCRETE MOMENT-RESISTING FRAMES

by

Donald R. Strand
Structural Engineer

Brandow & Johnston Associates

INTRODUCTION

The design of moment-resisting frames of reinforced concrete for
resistance to seismic loads has been upgraded significantly over the last
few decades. Prior to that time, frames were designed for code design
loads with minimal confinement of concrete and minimal use of continuous
reinforcing steel. Present practice requires that the members and their
connections be "ductile" in nature.

Prior to 1961, frames were designed for the combined effect of code
vertical and seismic loads. Beam members were designed for the moments
and shears induced; bottom bars were lapped at the supports; top bars were
added through the midspan; and nominal stirrups were added throughout the
full span. Reinforcing was sized for the design loads at the particular
section considered, and little consideration was given to reversed cyclic
loads. Column members were also designed for the moments and shears
induced, bars being lapped at the floor, and generally more ties were added
immediately above the floor and below the beam. Some engineers designed
all of the shear in the elements to be carried in the stirrups or ties.

In 1961, the Portland Cement Association [1] published "Design of
Multistory Reinforced Concrete Buildings for Earthquake Motions". The
information contained in this book related to provisions for ductile
characteristics to the members. Thus, members were to be designed for
ultimate capacity criteria and stirrups and ties for the shear induced
from the ultimate flexural capacity. Further tests by PCA [2,3] provided
data for the design of the beam-column connections.

The provisions for seismic design are generally based on the
Structural Engineers Association of California "Recommended Lateral Force
Requirements and Commentary" [4] as adopted in the Uniform Building Code
[5]. In 1963, SEAOC deleted the l3-story height restriction on build
ings and required moment-resisting space frames for buildings over this
height. The 1966 revisions required ductile moment-resisting space frames
for the taller bUildings, and details and criteria for design were pre
sented. The 1971 revisions included ductile provisions for all concrete
lateral resisting frames and limitations on member size or reinforcing
steel. The major change, however, was to design for shear loads induced
by ultimate moments produced by realistic reinforcing steel strengths
above the minimum values specified.

The above summary of design prOVisions for concrete moment-resisting
frames is given only for background. This paper will not attempt to
evaluate capacity of frames designed under these various provisions
because it is recognized that the latest provisions are more realistic
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and better from the standpoint of resisting seismic ground motions. The
purpose of this paper is to present the design of a typical building and,
more notably, the design of the members under the 1976 Uniform Building
Code. There will be an attempt to show the effect of design assumptions,
allowable code provisions, handicaps imposed by codes or present research,
and some reconciliation with the dynamic loads. It is intended that this
design will point out areas of further research needs for safe and
economical concrete building designs.

DESIGN CONCEPTS

The basic concept used for the elements resisting seismic loads is
that the members should not fail in a brittle manner. Thus, shear type
failures are to be avoided, and yielding of the steel is anticipated
provided stability is maintained by proper anchorage and confinement of
the steel and concrete. A second premise is that formation of hinges
should be restricted to the beam elements.

Procedure

The design of concrete frames for seismic loads is generally under
the provisions of the 1976 UBC. In this Code, methods are presented for
obtaining design forces and allowable stresses. An area not covered by
the Code is the design of the beam-column intersection; and use of the
criteria in the Joint ACI-ASCE Committee 352 [6] report is the recommended
approach.

The steps used for design can be outlined as follows:

1. Tabulation of dead loads tributary to each floor.

2. Estimation of building period by arbitrary formulas or past
experience.

3. Calculation of code design shear forces tributary to each floor.

4. Distribution of forces to each individual frame and sizing of
members--usually by judgment.

5. Distribution of forces to the columns and beams in a frame-
usually by joint coefficient procedures.

6. Recheck of building period by Rayleigh or similar methods
(using 3/4 of calculated because of non-participating elements)
and check of drift limitations.

7. Readjustment of forces for large differences of initial and
final periods or drift - this may be by use of a computer
program using dynamic force levels.

8. Design of beams and columns.

9. Design of beam-column joint.



Beam-Column Tests

The initial tests performed by PCA [2] were to establish means of
providing ductility to elements which are capable of many excursions into
the inelastic range. Grade 40 reinforcing was used because higher
strength bars were found to be somewhat erratic in nature and sometimes
brittle in character. The joint tested was an exterior column-beam condi
tion, and no restraint was provided normal to the plane of loading. The
tests proved satisfactory when adequate confinement of bars and the joint
was provided. The later tests [3] using 60 grade reinforcing steel also
included interior joints and stubs to exterior joints,and also proved to
be satisfactory. There were restrictions on the ultimate capacity of the
steel to assure a long yield plateau on the stress-strain curve.

Since these tests were prepared to force the yield hinges into the
beams, the columns were found to be adequate. The columns, however, were
not subject to lateral movements during the testing procedures - the beams
were moved vertically. In actual seismic loads, loads are transferred
through the columns to the beams, and thus P-~ effects are generated con
trary to load tests. Present thinking is that these p-~ effects may
become significant unless drift limitations are imposed.

A primary short-corning of these tests is that torsional restraint of
the floor slabs, offset of beams from the centerlines or member restraint
normal to the plane of the frame are not being considered. In actual
practice, these other constraints may have a significant effect on
design or effect.

The procedure of designing by center-line dimensions needs study.
Park [7] did some studies of the rotational ductility demand at the joint
and found this value to be on the order of three times the displacement
ductility demand. This effect has not been considered along with the
joint shear displacement and clear span dimensions.

Cracked and Uncracked Members

The analysis of a concrete member can be drastically influenced by
the properties used for design. These would include the concrete strength,
type of aggregates (rock vs. light-weight), modular ratio of steel and
concrete, the assumption of cracked or uncracked properties, and the
influence of T-beam action to floor beams.

A design example in the Appendix illustrates the design of a 12
story concrete frame building. As afullow-up of this example, the
influence of using a cracked section for members was undertaken. Assump
tions as to the degree of cracking which should be used is not well
known. ACI 318-71 gives some parameters in Section 9.5.2.2 for cracked
sections when computing deflection; Ferguson in his book on page 740
gives curves for a relationship; and ACI publication SP 17-73, Table 4.1,
also gives relationships. Since beams can be assumed as T-beams or
rectangular in shape, values can vary from 0.33 to 0.55. Columns like
wise may vary considerably from nearly uncracked in lower columns with
heavy vertical loads to highly cracked in the upper stories, resulting
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in values for cracked sections of from 0.28 to 0.40. For comparison of
loads for a cracked section, this analysis is based On using 50% of the
gross moment of inertia for rectangular beams and an average of cracked
and uncracked values (70%) for columns. Table 1 is a summary of the
effects of these properties on a frame.

TABLE 1 FRAME LOAD COMPARISON

CONCRETE PERIOD-sec. BASE SHEAR TOTAL DRIFT DYNAMIC/CODE
PROPERTIES kips (kN) inch (mm)

CODE DYNAMIC CODE DYNAMIC SHEAR DRIFT
Code min. 1.20 570 3803 2.69 10.27 6.68 3.82

(2535) (16915) (68) (262)
UNCRACKED Calculated 1. 98 450 2916 2.12 13.75 6.48 6.49

(2000) (12970) (54) (349)
3/4 Calculated 1.48 519 3803 2.45 10.27 7.33 4.20

(2310) (16915) (62) (262)
Calculated 2.47 402 -- -- -- -- --

CRACKED (1790)
3/4 Calculated 1.85 464 3108 4.32 12.89 6.70 2.98

(2065) (13825) (llO) (327)
UNCRACKED 3/4 Calculated 0.80 1.12 1.22 0.57 0.80 1.09 1.40
CRACKED

Many interesting points are apparent from Table 1.

1. The cracked section should not be used for calculating the building
period since it over-estimates the period and consequently gives
lower design force levels.

2. The calculated building period by the Rayleigh method should be
reduced for design to account for non-contributing resisting
elements. This recommendation is contained in the SEAOC
Recommendations but not in the UBC.

3. The drift of a frame will increase considerably when cracking
occurs in the members. Thus, lower allowable drift limitations
at design loads would be appropriate for concrete frames.

4. The relation of shears at design load to dynamic load are
meaningless since cracking occurs during seismic events and
drift controls the building design.

Ductility Demand

The ductility demand defined as the required displacement versus the
yield load displacement can only be estimated because of the many variables
unknown during design. The design example in the Appendix is compared at
the 3rd and 10th floor levels based on the criteria in Table 2. The
ductility demand is evaluated on the basis of the capacity of the member



with 25% overstrength of reinforcing and without reduction factors--the
same criteria used for determining the member shear capacity. Further,
the column is not checked since design concepts are to have a column of
greater capacity than the beams. The following data illustrates this
procedure:

3rd Floor Characteristics --The negative moments will have a reserve
capacity over vertical load of 1082-65=1017k ' (1378 kNm). Since the design
load was 475k ' (644 kNm), the story deflection to yield is 1017/475 x
0.00196=0.00420 radians. This is compared to the cracked section deflec
tion from the dynamic analysis to give a ductility demand of 0.00729/
0.00420=1.73. The positive ~9ment capacity is increased to overcome
0.9 MDL to give 937 + 41=978 (1326 kNm), and the deflection to yield
is 978/475 x 0.00196=0.00404 radians. This results in a ductility demand
of 0.00729/0.00404=1.80.

10th Floor Characteristics --In a like manner, this ne~ative moment
reserve is 683-65-618k ' (838 kNm) with a design load of 260 ' (352 kNm) .
Yield deflection is then 618/260 x 0.00110=0.00261 radians and gives a
ductility demand of 0.00762/0.00261=2.92. The positive moment reserve is
540 + 4l=58lk ' (788 kNm), and the deflection to yield is 581/260 x
0.00110=0.00245 radians. This results in a ductility demand of 0.00762/
0.00245~3.l0.
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TABLE 2 FRAME MEHBER COMPARISON

CONCRETE FLOOR BEAM COLUMN STORY DRIFT DYNAMIC/CODE
PROPERTIES MOMENT SHEAR MOMENT SHEAR DYNAMIC DESIGN DYNAMIC SHEAR DRIFT

kip-ft kip kip-ft kip SHEAR radian radian
(kN-m) (kN) (kN-m) (kN) kip(kN)

UNCRACKED 521 52.1 532 81.9 507 0.00196 0.00595 6.20 3.03
(706) (232) (721) (365) (2255)

3
CRACKED 473 47.3 489 75.2 417 0.00292 0.00729 5.55 2.48

(641) (210) (663) (334) (1855)

UNCRACKED 280 28.0 304 46.9 292 0.00110 0.00574 6.22 5.21
(380) (125) (412) (209) (1300)

10
CRACKED 257 25.7 280 43.0 242 0.00176 0.00762 5.62 4.32

(348) (114) (380) (191) (1076)

UNCRACKED 1.09 1.09 1.09 1.09 1.20 0.64 0.78 1.10 1.20
CRACKED

The interesting comparison of the heavily loaded 3rd floor and lightly
loaded 10th floor members indicates that the ductility demand is less at
the lower floors and that the reinforcing in the bottom of the beam is
usually more critical. This confirms some of the recent test results at
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the University of California [8] wherein bottom reinforcing of approximately
three-fourths of the top reinforcing should be available versus the one-half
required in the UBC and may add credence to the requirement for ductility
demand to be less than 2.5.

Concrete vs. Structural Steel -- An interesting analogy may be noted
when comparing the ductility demand of this concrete frame to an equiva
lent structural steel member of A36 material. First of all, it is noted
that concrete members have reinforcing steel designed for the actual
loads, as factored, and based on the desired drift requirement. Structural
steel members, however, are generally designed for drift limitations and
have much more strength capacity to yield. Second, wherein concrete
members will be in a cracked section, structural steel members will be
in a plastic condition and more analogous to the uncracked condition.

For this design example, it is shown in Table 2 that the cracked
section will deflect about 25% more than the uncracked condition. Thus,
the structural steel frame would appear to be capable of being designed
to a higher drift limitation than a concrete frame or, conversely, that
the concrete frame should be designed to a lesser drift. Also, by using
an equivalent stiffness to a steel member, a lesser ductility demand is
required than for concrete.

Reinforcing Anchorage

The transfer of reinforcing stresses through the beam-column joint
has only recently been documented for design in the Joint Committee 352
report [6]. The initial PCA tests [1,2] indicated that by providing
proper confinement and bar development length,adequate ductility would be
maintained for seismic events. The more recent tests at Berkeley [9]
indicate that transfer through interior beam-column joints may cause
serious cracking adjacent to the column and result in much higher
deformations.

The Committee 352 recommendations relate primarily to development
of hooked bars at the exterior joints and are found to be reasonable
for design. Recommendations for design of interior joints are not
included, but design can be extended for development of the reinforcing
bar through the column as shown in the design example in the Appendix
of this paper. The Berkeley tests indicate that small bars are preferred
and that ultimate shear stresses in the beam should be kept to less than
3vff. This is impractical in practice since smaller bars are more
costly to handle and placement of a number of bars through the column
reinforcing could result in bundling for placement--which does not solve
the problem.

The primary rebuttal to overly stringent joint requirements is that
many buildings with confinement and anchorage less than the recommended
design requirements have survived major earthquake loads. Further, the
recent tests on the University of California shaking table have indicated
good results on only the one test performed [10], when using less than the
recommended size-development criteria.



Shear and Confinement Strength

The design of stirrups or hoops for beams and columns quite generally
is dictated by the arbitrary code requirements or to resist maximum member
flexural capacity. At the present, the hoop requirements for tied columns
or for beams in the hinge region are based on only limited tests. The
primary Concern is whether supplementary ties must engage both the
longitudinal bars and hoop tie or either the bar or hoop. The basis of
the code is that as long as the stiffer element is restrained the whole
will remain intact.

The transfer of longitudinal bar stresses through the beam-column
joint has not been completely resolved. The concepts are,that shear is
to be transferred o~ that confinement must be maintained to allow develop
ment of diagonal compression loads. Stirrup-hoops are thus provided for
shear and confinement. At the present time, no tests have been under
taken to evaluate a lapped or capped stirrup-hoop. This type of hooping
becomes necessary through the joint in actual construction because closed
hoops are virtually impossible to place in this zone because of the beam
and column longitudinal reinforcing congestion. The restraint of beams
normal to the frame members obviously would have a positive effect on any
type of lapped hoop.

Detail Drawings

The presentation of design criteria into working drawings for con
struction of ductile concrete moment-resisting frames is not an easy task.
Obviously, details of all conditions throughout the building cannot
economically be drawn. The use of typical beam and column elevations with
bars presented in a schedule form is generally accepted, and experience
for a proper presentation is a necessity. The schedules must show lengths
and offsets of bars and ties or stirrups. A large scale drawing of the
beam-column intersection must show the beam and column longitudinal
reinforcing with the hoop-ties and supplementary ties through this area.

Because of the long lengths of bars and complexity of bar placement
in the field, it is often advisable to list a sequence of placing on the
drawings. The corner conditions being more complex because of the 90~

tails on all the top and bottom bars are illustrative of the sequence as
follows:

1. The column hoop-ties through the beam depth are all stacked
above the floor level.

2. The beam side forms are left off one side.

3. The beam stirrups are placed on the beam form soffit.

4. The bottom bars in one direction are threaded through the next
adjacent column until the bars are in their proper position.
The bottom bars normal to the first series of bars are placed
likewise.

5. The hoop-ties are dropped into the beam-column zone. Supple
mentary ties of longer than required lengths are run through
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the joint to extend into the beam--the 135 0 hook end is placed
around the outer hoop of the joint. This is an area where full
closed hoops may not physically be possible to obtain.

6. The top bars are placed similar to the bottom bars.

7. Design conditions may require higher strength concrete to be
placed in the beam-column intersection.

It has become very important that the engineer discuss the bar plac
ing concepts with the reinforcing and concrete superintendents in the early
stages of buildings of this type. The deputy inspector required by many
codes should also be included in these discussions. Without this early
coordination, many unforeseen problems can develop which only lead to
delays and extra costs to construction.

RESEARCH TESTING

The surest approach to developing adequate design methods is through
full scale testing. Unfortunately, most testing is not consistent from
test to test. It would appear that the PCA tests which included both
exterior and interior joint conditions were a good start, and the use of
a large shaking table with earthquake ground motion input is a good advance
ment at this stage. The primary fallacy of the tests is that the condi
tions of the test specimens are not near enough to actual building
construction conditions. In actuality, columns have beams normal to the
direction of loads; slabs behave as an integral part of the system; and
splices occur in the elements. Further, it is unrealistic to provide
heavy reinforcing in a slab parallel to the beam to act as top reinforc-
ing to the beam as used in the shaking table tests.

As a start toward providing better interaction between the practicing
engineer and the research team, it is suggested that;

1. The design of the test elements should be based on an
structure conforming to the latest accepted concepts.
modeling techniques for reduced sizes of test members
deviations should also be noted.

actual
The

and

2. The cyclic reverse loading procedures should be used as opposed
to monotonic methods because of the wide variation of results
between these methods.

3. The reinforcing bars to the joints should not be anchored to
fixed reactions since this does not allow the joint to develop
normally between the beam and column members.

4. The results of the test should be stressed toward design con
cepts that can be readily used or which result in changes to
code requirements for seismic resistance.

Future Tests

There are a number of past research tests indicated throughout this



paper which have been discussed. The future research that may become
apparent can be summarized as follows:

1. The effect of an adequate evaluation of the cracked section
properties on design must be formulated, especially regarding
drift limitations and ductility demand.

2. A means of evaluating drift by the sum of the parts, namely,
clear beam span rotational effects, beam-column joint shear
displacement and column displacement, is not available.

3. There is not a clearly defined set of parameters established as
to minimum acceptable displacement or rotational ductility demand
of any seismic resisting system.

4. A test of a code designed frame assembly (in all respects
including splices) should be undertaken to see if the criteria
really works.

5. Tests are necessary for the beam-column joint of a frame,
within the building interior, which has high vertical floor
loads. This is to determine if full longitudinal bar develop
ment is necessary for good results.

6. It is necessary to verify the limitations of light-weight
aggregate in frames.

7. The eccentricity of beams offset from the centerline of
columns or biaxial effects to columns from seismic conditions
has not been tested.

It is quite apparent that some of these projects can be readily under
taken as graduate studies in the universities. Others undoubtedly will
require extensive testing.

CONCLUSIONS

The tools for design of concrete ductile frames to resist seismic
forces are presently available in the 1976 Uniform Building Code and as
discussed in the 1975 SEAOC Recommendations. These provisions are to
provide adequate and, hopefully, better capacity for these structures than
previous criteria. Essentially, damage control is the present concept
rather than past provisions to accept various degrees of damage during an
earthquake. A "massaging" of the present values used for forces or for
capacities is only to optimize the overall concept and system.

The design of members in a frame has been presented to illustrate the
present requirements. Current test data has been included in the discus
sion of the design process with the intent to lead into future research
needs. It is hoped that the future testing will be oriented toward and
with the design profession.
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APPENDIX - DESIGN EXAMPLE

A square twelve-story reinforced concrete building is analyzed in
conformance to the 1976 Uniform Building Code to illustrate design
procedures. Framing consists of light-weight concrete beam and slabs,
and the exterior frames are of 4000 psi (27MPa) rock aggregate concrete.
Reinforcing steel is 60 grade material. From a preliminary analysis, the
exterior frames are determined to resist 70% of the lateral loads and the
interior elements the remainder. The beams are all 16" x 36" deep
(400 x 915mm) and the columns 28" square (710mm). The applicable require
ments of the UBC are Section 2312 for the seismic loads and Section 2626
for the ductile provisions.

7 Bays @ 20' = 140'

Vt = l40k (625 kN)

Torsion Increase
= 3.5k/fl. (15.5 kN)

V ZIKCSW

Z LO

K 0.67

I LO

Ts = 0.5 sec

T 1.25 sec (Estimated)

S 1.0

C 0.060

V l6l5k (7185 kN)

(7 Bays @ 6.lm = 42.7m) t

S-. 0
<') .;
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2

4

5

8

3

9

6
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BSM

GR.25.4mm

0.305mI' (foot)

NOTE: 1" (inch)

lk (kip) = 4.45 kN

lk' (kip-ft) = 1.36 kN-m
EXTERIOR FRAME ELEVATION

Note- Beams are eccentric to
column centerlines
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Spandrel Design

Load to Center of Spandrel

104 lb/ft2xlO'x20' = 20.8k
(50-8) x10'x20' = 8.4

29.2

Check for Top Reinforcing 20' c.c.
17.7' clr.

= 64.6k '
=475.2

540 x 1.4
756 x 12000

= 554; au
16 X 322

4.05"

Use 16"x36" Beam

A
s

=~ = 756
aud 4.05 x 32

5.88 in. 2< 6.0 Use 6-#9 Top Bars

Check for Bottom Reinforcing

~
at= 1.4 x 475.2k ' = 665k '

0.9 L == 0.9 x 20.8 x 17.7/8= -41
- 624

u

K
624 x 12000

429; 4.03"a =
u 16 x 332 u

624
4.69

2
Use 4-#10 Bot. BarsA in. < 5.08s 4.03 x 33

Check Minimum Requirements

As Bottom '2: 1/2 As Top

b > 10" ; bid 16/36 = 0.44> 0.3

Pmax 0.025

Pmin= 200/fy = 0.0033;

Check Beam Capacity - Based

M
u

=!/J A f (d-au /2)s y

A 0.025 x 16 x 36 =14.4 in. 2
s max

A 0.0033 x 16 36 1.9 in. 2
min xs

on 125% of f and !/J 1.0
y

; au = 1.25 As f y/ 0.85 f' bc

Top Bars au = 1.25 x 6.0 x 60 / 0.85 x 4.0 x 16

[
1.25X6.0X60 ]

M = 1.0 ' (33-8.3/2)
u 12

= 8.3"

= 1082k '

Bot. Bars au 1.25 x 5.08 x 60 / 0.85 x 4.0 x 16 7.0" M. 937k '
u



Check

v
u

Shear Capacity

= Mua + Mub + 1. 4
L

c k'1082 + 937_____ + 1.4
17.7'

1035

= V / 0bd = 134,000/0.85x16x33 = 299 psi <v
u

v
c

1.9 ~ + 2500 p V diM ; p =A /bd
c Wu u w s

1. 9v'4000 + 2500xO .011<134x33/l082x12

6../fi: = 379 psi
c

6.0/16x33=0.Oll

129 psi

but not to exceed 3.5v'4000 = 221 psi

Because of possible tension - use 2~4000 = 126 psi

#4 Stirrup Spacing at Supports

2 x 0.20 x 60000

16(299-126)
8.67"

or d/4 = 33/4 8.25"

or Avf y/50b = 0.4x60000/50x16 30.0"

or Avd/0.15As = 0.4x33/0.15x6 14.7"

or 8 bar diam. = 8x1.13" 9.0"

or 24 stirrup diam. 24xO.5 12.0" nor 12" min.

Distance required = 2d 2x33 = 66"

#4 Stirrup Spacing at Center

Use full #4 stirrups
@ 8.2"o.c. for 66"
from support

s
2 x 0.20 x 60000

16(299-126)

or d/2 = 33/2

= 8.67"

16.5" Use full #4 stirrups
@8.6"o.c. in center
portion of span
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28"-2x3"
g = 28" = 0.79

Use 28"x28" Column

No reduction required
for slenderness

P /A = 1537k/282 = 1960 psiu g

,'or 679k/282 866 psi > 0.12f~ = 480 psi

k1/r = 1.37x10x12 19.6 < 22
0.3x28"

Second Story Column Design

My = 1.04k/ft x 37.5 2/12 = 122k ' (Beam moment in weak axis of col.)

My @e = O.lt = 2.8"; 2.8/12 x 1533k = 358k '

~y = 122k ' x 1.4 = 171k '

Mux = 1.4 x 83.6k x 10'/2 = 585k ' (Seismic)

Pu = 1533k w/ Vertical load
= 1537k w/ Seismic
= 679k w/ Uplift

~ = 2xO.19 = 1.27 Top & Bottom
2xO.15

0= Cm

1 - pu /0Pcr

k = 1.37

EcI g 3650x2.46x124
k . 2

EI =_._---= = 43,000,000 1n
2.5(1+Pd) 2.5(1+104/146)

11"2 x EI
11" 2 x 43000000

= lS7-00k
P =cr

(k1) 2 (1. 37x11W) 2

Cm = 0.6 + 0.4M1/M2 ; M1 - M2= 0.6 + 0.4(-1) = 0.2 Use 0.4 Min.

,
.L -

0.4
------- = 0.41 < 1.0

1537/0.7x157-00
No reduction required
for moment magnification
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800
9th Story

400
Mu kip-ft.

o800
2nd Story

400
Mu kip-ft.

eft

1000
UJ
p..

oM
~

::l /~

0
0

IntE!raction Diagram 28"x28" Column
2000

For Maximum Loading; Pt = 1.3% required

As = 0.013 x 28" x 28" = 10.2 in. 2 Use 10-//9 Vert.

Check for Column Capacity to Exceed Beam Capacity
Reduce for 0-0.9 and for 125% of f y

1082k '+ 937k '
~.=

J 1.25/0.9

Vu l454k '/13'

Mu l12k x 5.0'

With P = 679k or l537k
u

From Interaction Diagram
(Including 0 = 0.7)

& Pt = 0.0128

M = 800k ' or 590k ' > 559k '
u

Column Bending
Capacity ok

Column Shear Capacity
Based on ultimate beam capaci~y without 0
and with 125% of f y \

Mu = 1082 + 937 2019k '

Vu 20l9k '/13' l55k

155 x 0.9/0.7 = 199k
> 112k

When adjusted for reduction
factors of beam vs column

Column Shear
Capacity ok
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Column Ties

1.9\14000 + 2500xO.0051xO.42

Pw = 4.0/28 2 = 0.0051

M = n~5 = 0.42
Mu 5'5·9 ld2

348 psi

375 psi

1990001/

0.85x28"x24"

19900011or~
-0- Ac 0.85x25"x25"

1.9~ + 2500 Pw Vud/Mu

v
u

V u = -- = ------
\1 bd

125 psi

or 3.5 ~c

or 2 £ c

221 psi

125 psi Because of possible tension

Spacing 1-1/4 Tie Through Column

s
_ 0.20 x 60000
- 28"(348-126)

= 1. 93"x4 legs 7.7"

0.20 x 60000
1. 93"x4 7.7" Use 1146 @ 8" o.c.or 25"(375-126)

through column beyond
or d/2 = 14" confined region

Special Confinement Ties Max. Spacing 4"

A = 0.30 ah" ~(Ag _ 1)
sh fyh Ac

0.30x4"x25"x -.!!..(~-1) = 0.50 in. 2 < 4xO.20=0.80 in. 2
60 25"x25"

or 0.12 ah"f~/fyh = 0.12x4"x25"x4/60 = 0.79 in. 2

Ps 0.45(Ag/Ac - l)f~/fy

0.45(282/252 - 1)4/60 0.0076

or 0.12 f~/fy = 0.12x4/60= 0.0080

25"/3 x 0.0080 x 4"/2 = 0.13 in. 2 Use 4-114 @ 4" o.c.
for special confinement



Check for Biaxial Bending Ref. PCA Bulletin #18

Max. Condition Min. Condition
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P (@ M=O)
o

P 1537k
u

M 585k '
ux

M = 171k 'uy

fyAs + 0.70f~(Ag-As)

60x12 + 0.70x4(28 2-12.0)
2882k

Mox (@ Pu)= 631k '

Pu/Po = 1537/2882 = 0.53

q = Ptfy/f~ = 12.0/282x60/4 = 0.23

From Fig. #6 {3= 0.64

~/Max = 585/631 = 0.93

P 679k
u

~x 585k '

~y = 171k '

M = 825k 'ox

{3= 0.62

~/Mox = 585/825 0.71

From Fig. #2 MY/Moy = 0.23 MY/Moy = 0.53

M
oy

(@ Pu) in weak axis = Mox = 631k '

~ = 631 x 0.23 = 145k ' ~ 171 ok MY = 825 x 0.53 = 437k '> 171 ok

For Biaxial Bending - Use 4 bars on each side

• ••
•
•

...... Use 12-1/9 Bars Total

•
•

• • • •
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BIAXIAL MOMENT RELATIONSHIP

Uniaxial Bending Capacity
abauf X axis = Mox
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about X oxi~ == Mx
about Y Qxis = My
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.1

0

FIG. 2

1.0

FIG.

Biaxial Bending Curves
Ref. PCA Bul. #18



Beam-Column Joint Design Per Joint Committee 352
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Eccentricity to Column

Capacity of girders = 1082k ' + 937k '
(Includes 1.25 factor)

Column shear Vu = 1082+937 = 155k
13'

-C=T'

Min. reinforcing area to cross beam

A = V e/0f (d-d')= 155x8" 3.3 in2
t s u Y 0.9x60x7"

Joint Shear

T a A f = 1.25x6.0x60 450k
s y

C 1.25x5.08x60 381k

T'=A'f'_ _ sy

V""'-u

t
Pu=0.9D+1.4E=679k

Column
Vu Joint T + C Vu (Co1umn)

450 + 381 - 155 = 676k

T
j

Vue 155~8" = 1240k"

V. 676000
v

j
= __J_ = 1224 psi

o Acv 0.85x26"x25"

3T j

V tj = 0Lx2y

3x1240k"

0.85x282x28
199

S d 1 " :, 8"
pan_r_e_--"--1 .: .1' .u : I------±--

·~r-:-:
.": . ,,',

v
u

=1423 psi - 20 \/5000 = 1414 psi ok

V c 3.5 (3 'Y~f~(l + 0.002NjAg)

3.5x1.0x1.0 ,J5000(1 + 0.002x679000/282 = 409 psi

Net Shear = 1423-409 = 1014 psi < 15~5000 = 1061 psi ok

See Joint Committee Report
for detailing of joints

Spacing 1-115
0.31x60000

28"x1014
o.66 "xL, legs 2.6"

~ 1/"Use #5~ @ 2 2 o.c.
through joint w/ 5000 psi
concrete



Use 90° hook, if possible.

l.d asspacified Sec.12.5 (ACI318-71)

.f.s = O.04Ab{afy-fh)

o/~
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Minimum Column Embedment Ref. Joint Committee 352

II h l'H11 r
II 1. III
i!l~_d_JlI------
II r- I, I
~.z':i~~~m'Z'IW!'"~,.;:m

II Iii
II 1~.L...--7II Ira <..-- Critical Section for Anchoroge

II IIi1II II
II II

II
II Straight Embedment (Type I only)

II II
11 II
II lIs II
II II!-I _
II~~
If II :
I~ III
I ~ ,: J....----7

t:I ~ c..- Critical Section
I~ II :
::1.~ Place hook as for from critical section as possible

II III
Hooked Bar Anchorage

ANCHORAGE REQUIREMENTS FOR JOINTS

Anchorage through interior joint wI f h = 0 & #9 bars

ld = O.04xl.O(1.25x60000)/1.8v5000 = 23.8"

Min. Column Size = ld + 2x min. cover = 23.8"x2xl.5" = 26.8" <28" ok

Note - The corner condition with bent bars will require
less anchorage than the interior condition.
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1 INTRODUCTION

The general acceptance of strength design for reinforced concrete
structures has gradually changed our design philosophy, particularly over
the past two decades. This change was accelerated by the simultaneous
progress in the appreciation of earthquake effects on structures. Instead
of adhering to permissible stress limits, increasing attention is being paid
to such idealization of material properties and structural behaviour that
more likely conform with the laws imposed by seismic disasters. For most
structures the emphasis has shifted from the "resistance" of large forces to
the "evasion" of the same. Structural failure emerged from the obscurity of
hypotheses, characteristic in structures subjected to gravity loading only,
and has become a routine concern in its stark reality. Consequently in
earthquake resistant design we began to select from types of failures that
were acceptable and others that were undesirable. The concepts of hierachy
in failure modes, ductility versus brittleness, suitability for possible
repair and protection of non-structural components evolved, and presently
the precepts of a "capacity design" philosophy are being established.

When formulating a capacity design approach to framed buildings, the
major topic of this paper, an important consideration in developing a readily
acceptable method must be also simplicity of procedure without adopting
overly conservative standards. To this end it is imperative that the
plastic rotational capacity of beams and columns in ductile frames be
assured, and that the risk of failure due to inadequate assessment of actions
is minimised. If these criteria can be achieved with confidence, an upper
bound estimation of bending moments and in certain cases that of earthquake
induced axial loads in columns is not warranted. However, there shOUld be
no risk of a pattern of hinge formation developing that could lead to the
formation of storey failure mechanisms in which the major source of energy
dissipation would be associated with interstorey column sidesway. There is
ample evidence from recent earthquakes that such a mechanism could have
disastrous consequences.

The procedure to be presented is intended for the design of regular and
rectlinear ductile reinforced concrete multistorey moment-resisting frames
in which, in addition to the gravity loads, all earthquake induced forces
are resisted entirely by the same frames in one or both principal directions
of the building. It is postulated that the intelligent use of the equivalent
lateral static forces, prescribed by most building codes [1,2], when combined
with utmost care for the detailing of the various reinforced concrete
components, will lead to a regular building frame that is likely to perform
satisfactorily during a very large disturbance. In the light of our present
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ability to predict the nature of ground excitations, it is questionable
whether a more elaborate non-linear dynamic analysis will impart better
properties to a regular space frame, than the modified static analysis to be
examined. Because of its simplicity it should have an appeal to a wide
section of practising design engineers.

Some of the difficulties in formulating a simple design procedure stem
from the facts that:

(i) An attempt needs to be made for rational reconcilation between an
elastic analysis for lateral static load and the elasto-plastic response of
a frame, exposed to random motions.

(ii) The critical earthquake actions, such as moments, shear and axial
forces, to be used in the determination of column strength are interrelated
in a complex manner.

(iii) Capacity design represents essentially a deterministic philosophy,
whereas the critical interaction of apparently unrelated and random design
quantities could only be assessed with the tools of probability.

In the following a compromise is attempted whereby the simplicity and
familiarity of the static elastic analysis is retained and at the same time
some features of an elasto-plastic non-linear dynamic response are
recognised. This is achieved with the use of suitable factors.

2 THE PHILOSOPHY OF CAPACITY DESIGN

When the principle is accepted, that for most buildings the avoidance
of irreparable damage under very severe seismic disturbance is not economic
al, our attention is immediately focused on the various modes of structural
failures that could result. Structural failures and consequent irreparable
damage to be considered here are not synonymous with structural collapse.
Indeed the most important aim in earthquake resistant structural design is
to minimise the likelihood of collapse under the most severe excitation that
could be expected in the locality during the intended life of the structure.
It is therefore necessary to impart to the structure desirable character
istics of behaviour that will ensure an acceptable sequence in the breakdown
of the complex chain of resistance. This implies a desirable hierachy in
the failure modes and the knowledge of the probable strength of each link.

In spite of the random nature of the displacement patterns applied to a
structure during a catastrophic seismic excitation, in the light of our
present knowledge, a deterministic allocation of strength and ductility
properties, in accordance with the philosophy of capacity design, holds the
best promise for a satisfactory structural response and the prevention of
collapse. [3]

In the capacity design of earthquake-resistant structures, energy
dissipating elements or mechanisms are chosen and suitably detailed,
and other structural elements are provided with sufficient reserve
strength capacity, to ensure that the chosen energy-dissipating
mechanisms are maintained at near full strength throughout the
deformations that may occur.



3 RELEVANT CHARACTERISTICS OF MULTISTOREY FRAMES

Before the relationship between two important links in a frame, i.e.
beams and columns, can be established it is necessary to examine the nature
of overall frame behaviour, to briefly review certain dynamic characteristics
and to postulate an acceptable failure mechanism.

3.1 Dominant Modes of Behaviour of Laterally Loaded Frames

The mode of load resistance in laterally loaded moment-resistant multi
storey frames is distinctly affected by the relative stiffnesses of the
beams and columns. A "shear type" frame is characterised by very stiff
beams that provide great restraint against column end-rotations. The
dominant deformation is interstorey sway. Under lateral load a particularly
advantageous moment pattern along columns indicates a point of contraflexure
usually near the midheight of the column. However, the axial loads induced
by lateral loads are maxima.

In a "bending type" frame, with very flexible beams, the cantilever
action of the columns will dominate. This results in very large moment but
smaller axial load demands on the columns. In the extreme, such a frame
may degenerate into a coupled shear wall.

This study considers a common type of frame in which the beam and
column stiffness are comparable so that under the usual lateral static load
deformed columns will exhibit a point of contraflexure in most storeys.

Using Muto's studies [4], it may be shown that such behaviour can be
expected in regular building frames when the relationship between the
relative stiffness (k = I/~) of the beams that restrain a column in a storey
and the stiffness of that column is such that:
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Lk + Lk
upper beams lower beams > 0.2 (1)

where I is the second moment of area of the cross section and ~ is the
length of the member.

3.2 Modal Participation in Frames

Typical spectra giving the acceleration as a function of the period of
vibration for a single degree of linear oscillator, responding elastically
to some seismic ground motion, are shown in Fig. 1. Design codes [1,2]
assume that the acceleration response of elastic multidegree of freedom
systems is similar. Consequently the inertia forces or base shear are taken
to be proportional to these accelerations.

The equivalent lateral static load, specified by loading codes [1,2],
when applied, will result in deflections and moment patterns in frames that
are similar to those generated in the first mode of dynamic response. How
ever, as the natural period of the structure increases the same ground
excitation may induce major changes in this response and may cause the
structure to respond significantly in one of its higher modes. In terms of
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FIG. 1 - Typical acceleration spectra
for a single degree linear
oscillator [5]
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column bending moments over the
height of the building, this may
be responsible for very consider
able deviation from the pattern
that was obtained from an
equivalent lateral static
loading.

Fig. 2 shows the variation of
period ratios for frames in the
entire range of stiffness ratios,
p , from "shear type ll to
"cantilever type" buildings [6].
For a regular frame, that
satisfied the criteria of Eq. (1),
it will be found that p > 0.1
and hence, the ratio of periods
in the first mode, Tl ' to that
in the second mode, T , is for all

common cases Tl/T2 ~ 3. Similarly Tl/T3 ~ 5. It is seen from rig. 1 that
a building, for example, with a natural period of 1.5 seconds could have
considerable acceleration responses for the higher modes because T2 = 1.5/3
= 0.5 sec. and T3 = 1.5/5 = 0.3 sec. The corresponding changes in the modal
shapes of the frame will then alter the moment pattern along the columns.

3.3 Preferable Failure Mechanisms

If columns are weaker than the beams,
mechanism develops during an earthquake.

BUILDING
10 CATEGORY

P=~k beam at midheight of

105
~k column st,.uctu,.e

1.0

'Shea,.
,,.ame'

10
'

·Cantileve,.
p f,.ame'

1([2

'F,.amed
cantilever
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Fig. 2 - Period ratios for various
categories of buildings [6]

it is likely that a storey sway
This is now generally recognised
as an undesirable energy dissi
pating mechanism. For a given
overall displacement ductility
very large rotational ductilities
in the column hinges will be
required. Large interstorey
displacements may result in
considerable P - ~ effect and thus
the lateral load resistance of the
columns may be severely reduced.
Where axial compression loads are
significant, the required
curvature ductilities in column
hinges are not readily developed.
In general the failure of a column
can be expected to have more
severe consequences than that of a
beam. For the reasons mentioned
it is desirable that plastic
hinges, well distributed over the
entire height of the frame, should
develop in the beams rather than
in the columns.



Transient yielding in an isolated ductile column, while extensive
hinging in numerous beams occur, is of no significance. The development of
plastic hinges in columns at ground floor or foundation level may not be
avoided and the detailing of these requires particular attention. As a
rule the possibility of the development storey sway mechanism, with
simultaneous column hinges at the top and the bottom of a storey, must be
minimised. However, storey mechanisms are acceptable in one storey frames
or in the upper storeys of multistorey frames.

4 BEAM DESIGN

4.1 capacity Relationships

When two plastic hinges with known flexural capacities develop in each
span of a continuous beam of a multistorey frame, a statically determinate
system results. Therefore the associated shear forces in the beams can be
uniquely determined.

Shear mechanisms show only limited ability to dissipate energy. Also
they generally exhibit degrading strength with reversed cyclic loading beyond
the elastic limit. Therefore a failure in shear must be suppressed.
Accordingly the dependable shear capacity of a beam must be equal or larger
than the corresponding flexural overcapacity of the beam. [3] The latter
must take into account the actual flexural reinforcement that will partici
pate in the flexural resistance, and also the strain hardening of the
flexural reinforcement.

4.2 Moment Redistribution in Beams

During a very severe earthquake, when beam flexural overcapacities are
developed, large inelastic rotations will occur at selected plastic hinges.
For this reason the designer should unreservedly consider a statically
admissible redistribution of the combined beam design moments due to gravity
and lateral load. When such a moment redistribution occurs it will invari
ably involve curvature ductilities that are a small fraction of those to be
developed during a severe earthquake. In the efficient design of reinforced
concrete continuous beams of frames there are three aims that the designer
should attempt to achieve:

(a) Reduce the absolute maximum moment, usually in the negative moment
region, and compensate for this by increasing the moments in the non-critical
(usually positive) moment regions. Thus a better distribution of strength
demand is achieved, particularly along prismatic members.

(b) Equalise the critical moment demands in beams at either side of an
interior column. This will obviate the necessity of having to terminate and
anchor beam bars at interior beam-column joints where a congestion of
reinforcement commonly presents construction difficulties. It should be
noted that if steel is provided for the larger of the moments on either side
of an interior joint, as is often done in non-seismic areas, the column
strength will have to be unnecessarily increased so as to enable it to match
the beam moment input.
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(c) Fully utilise the potential positive moment capacity of beam
sections at column faces where this must be at least one half of the
negative moment capacity at the same section [1,2]. This aim can be extend
ed and combined with that listed in (a) so as to approach equal positive and
negative moment demands at the same section. This would allow the full
utilisation of sections with equal top and bottom flexural steel content.·

The lateral load resistance of
the subframe is not affected,
and consequently the requirements
of equilibrium are not violated,
if individual moment increments
associated with a particular
direction ~i the lateral loading,
such as 6M, are altered,
provided that the sum of the
increments remains the same.
Such a change means redistribut
ion of moments between columns
and in the beam.

Moment redistribution applied to a subassembly of a multistorey frame,
as shown in Fig. 3 (a), must be statically admissible. Moreover it

1 f
p 1must not result in any decrease

f
w, w I of the lateral load resistance

hI I"" 11111" 1111 ~III!IIIIII II . of the assembly. Fig. 3 (b)
shows the moment pattern that

h2 resulted from an elastic analysis
for a code [2] required combi
nation of gravity loads. For

® @ © convenience important values are
shown in specific moment units.
Figs. 3(c) and 3(d) show the
prescribed equivalent static
seismic load and the resulting
moment pattern for both direct
ions of the lateral load
application.

{aJ

{bJ

such

~~E I"~"~ ME

{dJ l":~ :l---'7~--~--:";'~'
+ (::;;,,", 80 +

100- ~ ',-:;_

Fig. 3 - An example frame subassembly
and the gravity and earth
quake moment requirements

The relative distribution of the two components of the moment increment
~~ at B, (i.e. 110 and 80 units) shown in Fig. 3(d), between the two
adjacent beams may be freely altered without affecting the resistance of the
subframe. This involves moment redistribution in the beams only.

Moment redistribution between columns means redistribution of the shear
forces, such as V' and V shown in Fig. 3(c), between individual columns.

Whether the moment is redistributed from one beam on one side of an
interior column to the beam at the other side of the same column or a
redistribution of shear forces between columns is intended, in both cases
moment redistribution relies on rotations in plastic hinges that form in the
beams in question.
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Moment redistribution in a frame may alter slightly the ultimate
ductility demand of potential plastic beam hinges by increasing the demand
in some hinges and at the same time decreasing it in others. The total
ductility demand for the structure as a whole remains unaltered. It may
be said that the average ductility demand in the localities of potential
energy dissipation does not change, and that, with limited redistribution
during the design process, the deviation from the average ductility demand
during a very large earthquake will be very small.

It was considered in New Zealand [7] that in beams of ductile earth
quake resistant frames the magnitude of the moment to be redistributed, ~ ,
should be limited as follows:

(i) In any span of a beam ~ should not exceed at any point 30% of
the absolute maximum moment derived for that span from elastic analyses for
any combination of earthquake and factored gravity load.

(ii) Moment redistribution between columns should not change the
maximum value of the combined end-moments in any column, derived from elastic
analyses for any of the load combinations referred to in (i) by more than
±15%. This limitation is satisfied if the redistribution of shear forces
between columns is limited to ±15% of the shear force acting on the column
in question.

Moment redistribution
in beams, particularly
when the design gravity
moments are comparable
with or larger than the
design earthquake
moments, does not only
lead to a more economical
beam steel arrangement

40
58

Fig. 4 - Moment redistribution for two loading
cases for the beams shown in Fig. 3.

®

The application of these criteria to the beams shown in Fig. 3 is
presented in Fig. 4, where for convenience the combined gravity and earth
quake design moments (E + D+ 1. 3LR) are plotted separately for each direction
of the seismic action. The top curves result from the superposition of the

moments shown in Figs.
3(b) and 3(d). The
dashed lines respresent
intermediate steps of

fa) (E.D"'''R) moment redistribution
in accordance with
limitation (i) above.
The heavy full lines
give the final design
moment pattern after the
application of moment
redistribution between

,, __Elastic Analysis the outer columns, in
accordance with (ii)
above.
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but it will minimise the unnecessary moment input into columns, to be exam
ined subsequently.

4.3 The Flexural Strength of Beams

The principles of flexural strength are well established and the issues
do not warrant detailed examination. However, certain aspects that are
considered to be inadequately specified in building codes [1,2,8l and which
are particularly relevant to seismic loading are briefly discussed.

4.3.1 Dimensional limitations--It has been customary to limit the width
to depth ratio bw/h, in flexural members to 0.3 because there was insuffic
ient evidence to show that more elongated section would develop the necessary
curvature ductilities [ll. The concern should be directed towards the
stability of a flexural member when it is subjected to reversed cyclic load
ing. Therefore the length to width ratio £ /b is at least as important a
parameter as the bw/h ratio. Accordingly rgle~ant proposals are made in
the draft recommendations.

As a result of a number of experimental studies it has become evident
that beam-column joints are very critical areas in ductile earthquake resist
ant frames. Therefore certain dimensional limitations must be imposed on
the width of beams if the designer wishes to ensure that the beam actions can
be effectively transferred to columns. The width of a continuous beam,
relative to a column, need not be restricted if gravity load is to be carried
only, because usually there is a relatively small moment transfer to the
columns. However, under earthquake action beam moments must equilibrate
column moments and the exchange of forces must take place in a joint core, as
examined in section 6. For this reason the width of a beam should not be
much larger than the width of the column into which it frames. Quantitative
recommendations are made separately.

4.3.2 Flexural reinforcement participation--It is now generally accepted
that the maximum likely moment, that can be developed in a beam when very
large curvature ductilities are imposed, need be evaluated. For mild steel
(Grade 40) with a specified yield strength of 275 MPa,a 25% increase in
strength is considered to be sufficient to account for mean yield strength
being higher than the specified value, and for some strain hardening.

It is equally important to realistically assess the amount of steel that
will participate in the development of this flexural overcapacity. The diff
iculty arises in evaluating the effective width of floor slabs in flanged
beams in resisting tension. Slab reinforcement placed close to a column will
undoubtedly contribute significantly [18l to the total tension force in the
top of a beam section. The effectiveness of slab steel placed further away
from the web of a beam or the face of a column is likely to depend on the
torsional resistance of the beams framing into a column at right angles to the
beam, the strength of which is being considered. The load transfer from slab
bars near exterior columns is likely to be less effective than at interior
columns. These considerations lead to a number of proposals given in the
draft recommendations.

If a reasonable estimate can be made with respect to the slab reinforce
ment, that could participate in negative moment of resistance, then this slab
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reinforcement should also be considered in the assessment of the dependable
strength of the member.

4.4 The Shear Strength of Beams

In accordance with the philosophy of capacity design an attempt must be
made to eliminate the possibility of a shear failure. Accordingly the
design shear force in a beam must be determined from consideration of the
static transverse forces, with the flexural overcapacity being developed at
the most probable location of the critical sections within a beam or in
adjacent beams, and the gravity load with appropriate load factor [1,3].

It is now well recognised that in potential plastic hinge zones [1,2,8]
the entire design shear resistance should be allocated to the web reinforce
ment. However, no provision so far has been made to control the effects of
sliding shear. The problem of reversed cyclic shear is currently being
studied by ACI-ASCE Committee 426.

From the limited experimental evidence available it is apparent that the
level of shear load is most significant. Shear failures were observed [9,18]
along full depth vertical cracks across beams after the abrasion of such crack
interfaces, in spite of the presence of web reinforcement that satisfied
current code [8] requirements. It is evident that if optimum energy dissi
pation is to be maintained in a beam, by reducing as much as possible the
pinching effect in hysteresis 100ps,caused by shear, then the maximum nominal
shear stress must be limited, unless other precautions are taken [10].

It is evident that a sliding movement across a full depth crack across
the plastic hinge zone of a beam can be controlled only by diagonal reinforce
ment that can respond in tension and compression. Some tests have conclus
ively shown the improved energy dissipating properties of such beams [11,12].
It appears [10] that if reversed nominal shear stresses in excess of 0.251fT
MFa (3~ psi) are expected, some diagonal shear reinforcement will be nec-c

essary unless loss of energy dissipation is acceptable.

(2)

the intensity of shear, corresponding with
different. This is recognised by the
shear stress in a plastic hinge zone be

present
will be
nominal

When gravity load is
each direction of loading
proposal that the maximum
limited to

(2 + r)1f"!: ~ .
v
u

; 4 c (MFa) [v
u

; 3(2 + r)vf~ (ps~)]

unless diagonal shear reinforcement is provided. In Eq. (2) r is the
algebraic value of the ratio of the maximum values of the shear force develop
ed with negative moment hinging, to the shear force developed with positive
moment hinging, with the following limits: 0 > r > -1. More detailed suggest
ions are made in the draft recommendations.

4.5 Moment Inputs from Beams to Columns

If columns are to be given some reserve strength with respect to the
beams that they support, then the maximum likely beam moment input at a beam
column joint must be assessed. When two plastic hinges form in any span of
a beam, with the flexural overcapacities developed, as outlined in section
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4.3.2, the laws of statics will indicate what the beam moments at the centre
lines of the two supporting columns would be. These moments will differ
from those derived from the elastic analysis for a code prescribed lateral
static loading. The first set of moments represents the maximum feasible
beam input, whereas the latter set results from minimum intended strength
requirements. Moreover, in the final design a substantial deviation from
the initial bending moment pattern may emerge because of the moment re
distribution (Section 4.2) allowed for in the design of beams. To simplify
routine calculations it is preferable to retain, as a reference, the original
bending moment pattern, obtained from the elastic frame analysis for the
prescribed lateral load, and to relate the beam flexural overstrength inputs
to these reference moments with the aid of a beam overstrength factor ~o

The beam overstrength factor , ~o ' is the ratio of the sum of the
flexural overstrengths developed by the beams, as detailed, and the sum of
the flexural strengths required by the specified lateral loading, both sets
of values being considered at the centre line of the column, i.e. the refer
ence axis of the skeletal frame. This factor need be determined at each
beam-column joint for each direction of the loading. Naturally at an
exterior column only one beam is considered.

The typical value of ~o is 1.25/0.9 = 1.39, where 1.25 is a generally
accepted factor to allow for the maximum developed yield stress in mild rein
forcing steel being higher than the guaranteed value, and 0.9 is the custom
ary capacity reduction factor used in determing the dependable flexural
strength of a beam [8]. When gravity load considerations govern the strength
of a beam, the value of ~o will be larger than 1.39. When moment redistrib
ution is utilized, ~o may be locally less than 1.39. The weighted average of
~o at all beam-column joints of a bent, however, will never be less than the
theoretical value of 1.39 unless beams are deliberately underdesigned.

To illustrate the evaluation of ~o' consider the example structure
shown in Fig. 4 and let us assume that reinforcement has been carefully
provided so that the flexural overcapacities that could be developed are as
follows:

(i) At column A: ±140 units.

(ii) At column B: -170 units and + 125 units.

with reference to Fig. 3 (d) the values of ~o can now be readily evalu
ated. For column A ~o = 140/100 = 1.4 and at column B, ~o = (170 + 125) /
(110 + 80) = 1.55.

5 THE DETERMINATION OF COLUMN ACTIONS

5.1 General Considerations

The difficulty in formulating a column design procedure, that will give
an acceptable degree of protection against premature yielding and excessive
hinging during very large disturbances, together with a high degree of protect
ion against the formation of storey mechanisms, arises from the number of
phenomena.



(i) Primarily due to higher mode dynamic responses the moment pattern
along the height of the column may very considerably deviate from that indi
cated by the initial analysis for a lateral static load. This is reflected
by the movement of the point of contraflexure along the column in anyone
storey. The phenomena may also be viewed as a disproportionate distribution
of beam moment input at any floor between the column section above and below
that beam.

(ii) The axial load induced at any level of a column by earthquake load
only depends on the sum of the beam shear inputs above that level. The fonn
ation of plastic beam hinges above that level, however, is affected by the
dominant mode of response of the frame and the extent to which flexural over
strength of the same sense will develop in the beams of the upper floors.

(iii) The probability of the concurrence of maxima in earthquake induced
moments and axial loads at the same level, that could determine the design
strength of a column, should be considered.

(iv) When frames extend in both principal vertical planes of a building,
it is convenient to design the structure to carry the prescribed lateral load
separately in each of these principal directions. Designers prefer to deal
with plane frames rather than with space frames. A seismic excitation, how
ever, will impose lateral displacements in any direction and may mobilise for
example, the full strength of all four beams that join an interior column of
a frame. A skew earthquake action will impose biaxial bending and shear on a
column.

(vi) When the probable concurrency of critical axial forces and moments
in flone-way" or in Iltwo-way" frames is considered, the consequences of
possible column hinging need be examined in the light of the intensity of the
axial compression likely to be present. This will determine the potential
ductility of the section.

(vii) In our attempt to min~~se the likelihood of a shear failure, some
rational estimate need be made with respect to the maximum attainable moment
gradient along a column within a storey. Moreover, the probability of this
maximum shear, instantaneously coinciding with the minimum feasible axial
compression or perhaps the maximum net axial tension on the column ought to
be evaluated.

The complexity of the issues is evident. Unfortunately sufficient data,
obtained from experimental or theoretical time history studies of the response
of buildings during recorded or articifial ground excitations, is not avail
able yet to serve as a basis for quantitative stochastic studies. In the
absence of this one is forced to rely on intuitive probability to arrive at a
reasonable degree of protection of columns in earthquake resistant frames.

The term "degree of protection against hinging" can not be defined with
exactness. The criterion is subjective and hence it will depend on prevail
ing engineering views in fashion, which in turn will change with the passage
of time and with our experiences gained in future major earthquakes. The
proposals put forward here are based on a "reasonable degree of protection"
that appears to be palatable in the current technological, environmental and
economic climate.
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5.2 Dynamic Magnification

The currently used equivalent lateral static load [1,2] results in
moments, shear and axial forces in the structure, that are derived from
analyses based on linear elastic static behaviour. Traditionally this
moment and load pattern is combined with similar patterns resulting from
gravity loading and the ensuing maxima are used for the strength allocation
to each section of every component.

It must be recognized that a static "seismic" analysis is implicitly
intended only to give a distribution of potential strength throughout the
structure that is considered to be desirable. The deflected shape of the
multistorey frame, that results from the static load, implies only that the
moment and force pattern is likely to be similar to that which would result
during the dynamic response of the structure in its first mode.

Gr.

The effect of the higher mode dynamic response, referred to earlier, on
the bending moment pattern along six storeys of an exterior column of a 12
storey frame is illustrated in Fig. 5. The first diagram shows the results

of an approximate
elastic analysis
for a code [2]
lateral load.
The other five
moment diagrams
represent the
loading, in rela
tive moment units,
at certain inst
ants, measured in
seconds, after the
beginnings of the
North-South
component of the
El Centro 1940
ground excitation
[13] •

Fig. 5 - Bending moment patterns for the lower six storeys
of an exterior column in a 12 storey frame [13].

Limited case studies [13,14] indicated that the deviation from the
initial design moment pattern increases with the natural period, Tl ' of the
frame. This is due to the increased significance of the responses in the
second and third mode of vibration, also pointed out in section 3.2. If a
reasonable protection against premature plastic hinging in columns is to be
provided, then the fact that the moment demand at critical column sections
during the higher dynamic modal responses may be large/must be recognised.
The dynamic moment demand at a column section may exceed considerably the
moment allocated to it by the static analysis, notwithstanding the fact that
previously formed beam hinges will greatly limit the load that can enter a
column at a beam joint.

To allow in the design process for such column moment increases at the
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bottom or at the top of a storey, the dynamic magnification factor, W , is
introduced. This multiplier is intended to apply to the peak moments and
not to the entire moment pattern. Based on the limited study of a number
of frames, subjected to different types of ground excitations, it is
proposed that for regular "one-way' frames

W 0.6T
I

+ 0.85 (3)

but not less than 1.2 nor more than 1.8. (see Fig. 6.)

The application of moment magnification is likely to min~m~se more
objectionable damage that could occur in columns before significant yielding
in beams would take place.

5.3 Special Cases for Dynamic Magnification of Moments

A disproportionate distribution of beam moments at the restrained base
of columns at ground floor is not relevant. At this level the likelihood
of hinge formation at a certain strength level, to be examined sUbsequently,
must be accepted. Here the column must be detailed accordingly. Hence the
appropriate value of W at this level should be unity.

Wmin

Fig. 7 - The variation of W when the
point of contraflexure is
outside the middle third of
the column height.

Two-way fram~ I II
I I I

IX;
I

1.Yl
.If

V "onf'-~ay frames

/

I
1.00 0.5 1.0 1.5 2.0

Fundamental period Tt (seconds)

Fig. 6 - The dynamic magnification
factor

When columns are stiff relative to the beams, commonly the column moment
pattern obtained from the analysis for code loading at the lower storeys of
frames may be such that no point of contraflexure appears in several storeys.
This indicates pronounced cantilever action of the column. Such a moment
pattern is not likely to be affected significantly at these levels by higher
modes of dynamic response. Hence it is suggested that in such cases the
minimum value of W be taken at the first floor level and that its value
then be increased linearly to that given by Eq. (3) at the floor below which
the point of contraflexure, as indicated by elastic analysis, is located
within the middle third of the column height. The interpretation of this
approximation is illustrated in Fig. 7.
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There is no need to give columns the same degree of protection at roof
level. Here column hinging and even the formation of a storey mechanism
is acceptable. Since the strength of the column need not be larger than
the beam load input,the dynamic magnification factor at roof level need not
be more than unity.

At the floor immediately below roof level a suitably interpolated value
of W , between unity at roof level and that given by Eq. (3), may be used.

5.4 Consideration of Skew Excitation in Specifying Suitable Dynamic
Magnification

It is necessary to
directional excitations
into a column can occur
to each other [2,3,151.
made to the phenomena.

make some allowance in the design process for two
in "two-way" frames. Moment and axial load input
from beams that frame into the column at right angles

In most overseas codes, however, no reference is

The approach currently used in New Zealand considers simultaneous beam
overstrength input from both directions, with the critical column section
being subjected to corresponding biaxial flexure. The distribution of
moments at a joint, between the column sections above and below the floor,
follows the proportions indicated by the initial elastic analysis for lateral
static load separately along the two principal directions. This procedure
intends to recognise the possibility that the building may deform inelastic
ally in its fundamental modal shape in any direction. However, when one
considers the relevance of the currently chosen bending moment pattern along
a column to its probable response during severe dynamic excitation, than the
current method of biaxial code required [2] moment demand, leading to more
time consuming section analyses [16,19] appears to exhibit distinct short
comings.

Once the effect of higher mode responses under unidirectional excitation
is appreciated, the probability of the concurrency of corresponding
orthogonal excitations must be re-examined. Intuitively one must recognize
that the superposition of simultaneous higher mode responses, involving the
application at any level of an appropriate dynamic magnification factor, in
each of the two directions, would represent a most unlikely event. It should
be noted that a column designed for magnified moments, acting separately in
each of the two principal directions, will possess very considerable biaxial
flexural capacity. Moreover, any probable biaxial flexural demand will need
to be considered simultaneously with some probable axial load input from all
beams concerned.

It is suggested that columns of two-way frames be made capable of
absorbing moments from simultaneously hinging beams during a predominantly
first mode response. However, when moments in one direction are being magni
fied at a floor level, because of participation of the column in the higher
modes of dynamic responses also in that direction, a much smaller moment,
applied simultaneously from the other direction, should be assumed to act.

To allow for the resistance of biaxial moments, while retaining simpli
city in design calculations, it is proposed to magnify further moments used



in the design for unidirectional attack on "two-way" frames. A column
designed for suitably magnified moments, acting separately along each of the
two principal axis of the section, may then be considered to possess accept
able protection against possible hinging during a severe skew attack.

Suitable moment magnifications in one direction, to allow for concurrent
earthquake attack, may be arrived at as follows:

(a) At column sections at ground floors, the prescribed code loading
should be sustained in any direction [2]. The flexural resistance of the
complete set of rectangular reinforced concrete columns of a building along
a 450 angle is approximately 90% of that along the principal axes. Hence a
10% increase of the column base design moments caused by unidirectional
attack should suffice.

(b) At column sections at upper floors, as a sUfficiently severe load
combination, one may consider the development of beam flexural over
capacities, M (at f = 1.25 f ) , in one direction, when beams in the other
direction devglop simUltaneoustY only their probable strength, 0.9 M (at
f s = 1.12 f y )' With an allowance for approximately 10% reduction inomoment
of resistance at 450 in a square column, the necessary magnification of uni
directional moment, to sustain the biaxial moment input specified above,
would be approximately [1102 + (o.9Mo)2]~/O.9Mo '" 1.5. It is therefore
suggested that the design moments, to be used for unidirectional action in
columns of two-way frames, that respond primarily in the first mode, be
magnified by 50% to accommodate simultaneous moment inputs from adjoining
beams. However, when moment magnifications due to higher mode responses
become significant, previous consideration of probability indicate that
allowances for concurrent attack should be gradually reduced. Accordingly
it is proposed that the dynamic magnification factor, w , applicable to two
way frames be defined as follows:
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w 0.5Tl + 1.10 (4)

but not less than 1.5 nor more than 1.9. These values are also shown in
Fig. 6.

5.5 Design Axial Column Loads

The maximum earthquake induced axial load in a column will result when
the part of the frame above the level to be considered exhibits a predomin
antly first modal shape, such as indicated by the response to an equivalent
lateral static load. Also all beams above that level would need to transmit
the maximum earthquake induced shears. These would be associated with the
flexural overcapacity of each beam, as outlined in Section 4.4. It has been
found [13], however, that with the exception of low rise buildings, beam
hinges do not develop simultaneously over a large number of storeys. More
over, if at any instant beam hinges would occur over a relatively large
number of floors, it is unlikely that the majority of these beams would
develop their overstrength shear input. A continuous variation of curvature
ductility demand must occur over the storeys where the beam hinges form.
The formation of typical groups of beam hinges in the frame, referred to in
Fig. 5, at differenr instants of its response, is shown in Fig. 8, together
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with the corresponding shapes of distortion.
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It is proposed that in evaluating the maximum likely earthquake induced
axial load on a column a reduction of 1.5% be allowed for every floor above

the column sect
ion considered,
when summing the
beam over
strength shear
forces V ,up
to a max:lii\ilin
reduction of 30%
for 20 floors or
more. For a
six storey build
ing this would
correspond with
the simultaneous
mobilisation of
approximately
the probable

shear strength, based on the mean yield strength of the flexural inforcement,
at all floors.

When higher mode effects are prevalent, recognised in the design by a
large value of the dynamic magnification factor w , beam moment and hence
shear inputs into columns may well be of the opposite sense at different
floors. (See the frame in Fig. 8 at the instant of 2.20 seconds.) Hence it
appears to be justified to consider a further reduction of design axial
loads for frames for which the w factor is large.

Po,-k;::--------------Po

The sensitivity of a
column section to the
accuracy in the estimate of
the earthquake induced axial
load is examined in Fig. 9.
It shows a typical moment
axial load interaction curve
for ideal strength. The
magnified design moment, MI ,
and the total axial load,
Pul , that includes gravity
load effects with appropriate

It is possible that a
frame with a long natural
period responds at a parti
cular instant in its first
mode. This may then result
in an induced axial load in
the column that is larger
than what we have estimated,
using the previous consider
ations.
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pu,--+--+--4---=::~i

OI----...."-----+--++_-+,,,:.:..--l+-tlM~ A
---Pu"t--- 0.5 1.0

Fig. 9 - Moment-axial load interaction
relationship for a column showing
different combination of concurrent
actions.



load factors, is assumed to give point 1 on the curve. In a dominant first
mode response, however, the axial load may increase to Pu2 while the moment
demand, now less affected by higher mode distortions, reduces to M2• (See
point 2). It is seen that for any reduction of moment demand there will be
ample reserve strength for any feasible increase in axial load demand,
provided that the load combination is such that the column hinge formation
is tension dominated i.e. Pu < Pb • However, if we consider a moment-axial
load combination, such as M and Pu3' giving point 3 in Fig. 9, it is seen
that a possible underestimafe of the axial load demand may have more serious
consequences. The moment reduction to M4 during a first mode response may
not be sufficient to accommodate the axial load increase to Pu4. Moreover,
in this compression dominated column (points 3 and 4) particUlar care should
be taken to delay hinge formation because of the limited curvature ductility
that would be available.

To give compression dominated column, (i.e. when Pu > Pb ) increased
protection, the reduction in the design axial load due to dynamic magnifi
cation should be deliberately underestimated. This is achieved by the
introduction of the reduction factor A, the variation of which with P is
also shown in Fig. 9.

By considering now the combined influence of the number of storeys, n
above the column section to be designed, the dynamic magnification factor,
w , and the dominance of axial compression, it is proposed that the earth
quake induced axial load, Peq be determined as follows:

P {I - [0.3 + A(0.35w - 0.5)] ~ }l:v (5)
eq 20 oe

where the value of w should not be taken less than 1.4 and that of n not
more than 20. The value of A is given by

(a) A ; 1 when P < P
b

(6a)
u

P - 1.2P
(b) A

0 u when P > P
b

(6b)P - 1. 2P
b u

0
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where P
o

P
u

is the ideal compression load capacity of the column without any
moment applied.
is the compression load capacity of the column when the theoret
ical maximum moment on the given section is developed, and it may
be approximated with 0.4f~Ag'

is the design compression load on the column due to earthquake
and appropriately factored gravity.

The corresponding
earthquake and the sum
frame into the column,
columns, i.e. when A ;

relationship between the design axial load due to
of the maximum beam shear forces from all beams that

LVoe ' is shown in Fig. 10 for the tension dominated
1.0.

5.6 Design Column Moment

It was shown in the previous sections that in order to ensure a reason-
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0.8

W

0.7 1.4
Pe

rVoe 1.6
0.6

1.8
A' /.0

0.5 2.0

n
0.40~L.-I--'--'-':5.....J...---'----L---L.:'10:-'--'--'.....J...--:l-'::5---'----'----L...J....-:'20::-"--'---

Number of storeys above floor considered

Fig. 10 - The reduction of earthquake induced
design axial load with storey number
above the level considered.

able protection against
column hinging, the
moments derived from an
elastic analysis for an
equivalent lateral
static load, Mcode, need
be increased. The mini
mum ideal strength of
the column should not be
less than the beam over
strength moment input,
as measured by ~o •
Also the effect of high
er mode responses should
be allowed for with the
use of w. Hence the
design moment to be used
at the critical section
of the column, together
with the axial load
defined in Eq. (5),
should be

Mcol = ~o wMcode- 0.3hbVcol (7)

where ~ is the depth of the beam that frames into the column and Vcol is
the column design shear force, to be derived in the next section.

Fig. 11 - Example
design moments, with
respect to beam centre
lines, for the column
shown in Fig. 7.

5.7 Moment Reduction in Ductile Columns

It is emphasised that Eq. (7) gives the required
ideal flexural strength of the column section and
thus the use of capacity reduction factors [8] is not
intended.

The relationship between these moments (Mcol and Mcode) with reference
to the centre lines of the members is shown in Fig. 11. The second term in
Eq. (7) recognises the reduction of the column moment at the top or the
soffit of the beams. To ensure that the moment at this section is not
underestimated, when the moment simultaneously developed at the other end of
the column is small, only 60% of the probable maximum
shear force has been considered to reduce the moment.

When the axial load on a column produces small
compression or net tension, the steel demand for a
given moment will rapidly rise. Fortunately the
development of the strength of such columns is
associated with considerable curvature ductility.
For this reason the yielding of such columns, at a
level lower than the stipulated lateral load [1,2]
on the whole frame, should not be objectionable.
It must be remembered that the yielding of one
column in a bent is restricted, provided that
other columns perform below yield level. There
fore should early yielding occur in one ductile
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column, where Pu « Pb , see (Fig. 9) it does not signify hinging during
subsequent increase of interstorey drift. Rather the phenomenon is similar
to loss of stiffness in one column. If the remainder of the bent is elastic,
which may well be the case, a moment redistribution between columns could
occur. However, when considering column strength, as part of the capacity
design process, we must assume that at the instant under consideration the
beam overstrengths in the bent have developed. Because of this other
columns would not normally be capable of receiving additional flexural load.
Therefore we must accept a certain amount of loss in the lateral load carry
ing capacity of a bent if one column is permitted to yield prematurely.
Provided that the strength loss of the columns in question is not significant,
in terms of the overcapacity of the bent, such loss is acceptable.

consideration of economy, ductility and limited loss in the feasible
maximum lateral load carrying capacity of the structure indicate that we
should allow reduction in the available flexural strength of certain columns.
Such reduction could be considerable if the axial load is tension and if the
design moment to be reduced resulted from large magnification because of
expected dominance of higher mode dynamic responses. Accordingly it is
suggested that when the total design axial compression, Pu ' does not exceed
0.1 f~Ag, the design moment, obtained from Eq. (7) be reduced to

P M
M [(20 f,uA + l)(w - 1) + 3] c3~1 (8)col, reduced ~

c g

where Pu must be taken as negative if causing tension and provided that:

(a) The value
- 0.5Ptfy/f~ where
the gross sectional

of Pu/fcAg should not be less than - 0.15 nor less than
Pt is the ratio of the total column reinforcement to

area Ag •

(b) The moment reduction used for columns of a bent should not be more
than 10% of the sum of the design moments, LMcol ' of all columns of that
bent, taken at the same level, and not more tnan 0.7 Mcol '

The magnitudes of reductions suggested are presented in Fig. 12.

Eq. G

Reduction of design moments in
tension dominated columns.

Normally there will be only
one column in a bent that
will qualify for such red
uction. For example a
column sUbjected to a net
axial tension, Put, that
would produce 0.075fc nominal
tension on the gross concrete
sectional area A9 , would
qualify for a des1gn moment
reduction to O. 6Ml ' assuming
that the required value of w
was 1.5. (See Fig. 12). Let

~-~~~~~-L~-~~7.15~~-~O~.'~O--~-~O~.O~5--~~--~~O~.O~5--L-~O~.w~-- us assume that this symmetric-
Tension Compression al column is the same as that

considered previously and for
which the interaction of Pul

Fig. 12 -
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and Ml gave point 1 in Fig. 9. It is seen that if for an earthquake
action in the opposite direction the interaction of Pul* and Ml, shown by
the circle at 5, is considered, significantly more reinforcement would need
to be provided. However, with the suggested reduction of the design moment,
point 6 on the interaction curve is obtained, indicating that this load
combination would not govern the design. The loss of moment capacity,
0.4Ml' is assumed to be less than 10% of the sum of the column flexural
capacities in the bent at this level.

5.8 Design Shear Forces for Columns

In the current approach to the design for seismic column shear either
the code load shear with an artificially increased load factor [1] is used
or simultaneous hinge formation at both ends of a column is assumed. The
former approach does not sufficiently recognise the possible variation of
shear forces during dynamic excitations, and hence it may be unconservative,
particularly for frames with large natural periods. The latter technique
commonly results in excessive shear demands because it uses the overly
conservative assumption of a storey mechanism hinging in any storey.

The approach proposed here attempts to relate the shear demand to a
probable but necessarily severe moment gradient along the column height. It
was seen that the column design moments, Mcol' were magnified primarily to
avoid the formation of simultaneous hinges at the top and the bottom of the
column. When the yield capacity of a column at one end is approached the
simultaneously developed moment at the other end of the column must be small
(see Fig. 5), particularly when large dynamic magnification was used in the
design.

Column hinging is expected either at the top or at the bottom of a
column. Consequently, from considerations of a severe moment gradient that
is intuitively considered to be compatible with the moment patterns for the
same column at the adjacent storeys, and with reference to Fig. 13(a) it is
proposed that for the most common situation Vmax = 1.5 ~ /hc ' This
assumes that when the flexural strength of a column is de~~loped at one end,
one half of that moment is simUltaneously introduced at the other end of the
column. To ensure added protection against possibly brittle shear failure,
a capacity reduction factor of ~ = 0.85 is introduced [8] so that in terms
of code load for upper storey columns we have

When the moment pattern,
obtained from the initial
elastic analysis, indicates
that the point of contra
flexure is outside the middle
third of the column height,
Eq. (9) will lead to an
unnecessary severe shear load.
For such cases it should be
sufficient to assume that

!t""Mmin.

ra) Case 1 rb)Case 2
Fig. 13 - Moment gradients considered for

the determination of column
design shear forces.

v =~fJ wM
col lc 0 cod,max

(9)



V
col

l:.:2 (~ WM + ~ M )
1 0 code,max 0 code,min

c
(10)
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This equation will govern the design whenever ~o Mcode,min/~o Mcode,max
0.5 w, or when the point of contraflexure is located so that hI < lei
(1 + O.5w) as shown in Fig. 13(b).

<

At the base of the first storey columns considerable plastic hinge
rotation must be expected. For this reason the value of ~o WMcode,max in
Eq. (9) and Eq. (10) for these columns should be replaced by Mo col' the
flexural overstrength capacity of the base section, allowing for'the axial
load on the column that is consistant with the combined loading considered.

The minimum ideal shear capacity of any column should not be less than

vcol,min ; 1.2~o Vcode

for columns of one-way frames and

Vcol,min ; 1.8~0 Vcode

for columns of two-way frames.

(11)

(12)

The latter expression takes into account the concurrent effect of shear
load on a rectangular section that may be less efficient in resisting shear
along a diagonal.

5.9 Reserve Strength in Columns

In the proposed evaluation of the design quantities for columns the
demands for the ideal column strength were related to demands specified by
building codes. The ideal strength of a section is based on the specified
or guaranteed minimum strengths of the materials and the accepted principles
of mechanical behaviour. The proposed procedure thus enables the designer
to identify the reserve strength of all components in relation to the speci
fied minimum strength demand. This relationship is not obscured by various
capacity reduction factors [8] used when gravity and wind loads are consider
ed.

The designer should be aware that the probable strength of a reinforced
concrete column, likely to be utilised during severe seismic excitations,
will be in excess of its ideal strength. Hence when large inelastic dis
placements are imposed upon the structure, a column resistance in excess of
that relied upon in the proposed design will be available. This may be
taken into consideration by the designer when a decision with respect to the
degree of protection against damage is being assessed.

One source of strength reserve is the probable strength of the steel and
the concrete, that will be in excess of specified values. 5 to 15% excess
in yield strength and 20 to 40% excess in concrete compression strength would
be typical. Consequently considerable reserve capacity in probable strength
of the section would be available, particularly in compression dominated
columns.
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When considering reserve strength it should be remembered that the
proposed beam input load is an upper bound value. Therefore column reserve
strengths would be available to absorb moments that, at instants of extreme
responses, may exceed those predicted by the ~o.WMcode relationship.

Because the splicing of column reinforcement is undesirable immediately
above a floor level, the longitudinal steel arrangement in a column will
normally be the same below or above a floor. As the larger load demand
below or above the floor usually requires more reinforcement, unintentionally
the flexural capacity of the less critical section at the floor will be
boosted.

The steel content for each column is determined from one particular
load combination that is found to be critical for that column. When this
critical load combination is exceeded in one column of a bent, yielding of
that column would commence. However, the probability of approaching the
capacity of all other columns of the same bent under the same load combi
nation is less. A similar relationship may exist between one bent and all
the other bents of the whole structure. Consequently additional reserve
strength will be available before plastic hinges could develop at one end of
all columns of a storey.

6 DESIGN CONSIDERATIONS FOR BEAM-COLUMN JOINTS

It must be recognised that because of the reversed cyclic nature of the
loading during inelastic displacements, induced by severe seismic disturb
ances in reinforced concrete ductile frames, beam-column joints emerge as
critical structural components.

One might even suspect that in seismic areas joints might have become
the weakest links in a frame. ACI-ASCE Committee 352 recently prepared
recommendations (19) for the design of such joints. In the following certain
seismic aspects of this report are critically examined. The two major
sources of unsatisfactory joint performance under severe seismic conditions,
deteriorating shear strength and slip control due to the breakdown of bond,
need particular attention.

6.1 Design Criteria

Acceptable criteria for the expected performance of joints in ductile
earthquake resistant structures may be formulated as follows:

(1) The strength of a joint should not be less than the maximum
strength of the weakest members it connects.

(2) The capacity of a column should not be jeopardised by possible
strength degradation within the joint due to inelastic cyclic displacements
of a frame.

(3) A joint should not be a prime source of energy dissipation.

(4) During moderate seismic disturbances a joint should preferably
respond within the elastic limits so that no repair would be necessitated in
inaccessible areas of the structure.
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Potential
failure
plane

(5) The joint reinforcement, that will
ensure satisfactory performance should not present
undue construction difficulties.

6.2 Interior Joints

During the most severe loading of ductile
frames plastic beam hinges can be expected to
develop immediately adjacent to both column faces.
The equilibrium condition for this loading situ
ation is shown for a typical interior beam-column
joint in Fig. 14(a}. The locations and the magni
tudes of the internal beam forces, shown in Fig.
14(b} can be determined with a relatively high
degree of accuracy. To ensure that the joint
core does not become the weakest link in the
chain of resisting mechanisms, the beam moments
that could be developed during the maximum
feasible inelastic frame displacements must be
evaluated as outlined in Section 4.5.

The relative magnitudes of the column
moments and shear forces that are required to
maintain, together with the beam actions, joint
equilibrium, as shown in Fig. 14(a}, are less
certain. During the inelastic dynamic response
of a frame there are infinite possibilities for
the total beam hinge moment input (Ml + M2) to be
resisted by the column above or below the floor
in question. Moreover, the shear forces in the
columns will depend on the column moments gener
ated at the floor adjacent to the one at which
the joint in question is located. An acceptable
estimate for the mean column shear force can be
made, however, as follows

M
l

+M2 + 0.5 (Vb +Vb}h
c

Vcol = 0.5(1 + I')
c c

where the notation is that shown in Fig. 14.

With this information the probable maximum
horizontal shear force in the joint core can be
expressed from Fig. 14(b} as follows:

(14)

where a accounts for the overstrength of the
reinforcement, with a typical value of 1.25.

From first principles the vertical joint
shear force Vjv could also be evaluated using
the internal column forces and the relevant
beam shear force Vb'

(a)$eismic actions in equilibrium
at a joint.

(c) The shear resisting mechanism
of the concrete in the joint core

r-------hc---j
j---V.---i

Osl :
i Vsv

Er ;Os-

L_lITs'Vsh-- J
(dJThe truss mechanism of

the joint core

Fig. 14 - Actions at an
interior beam-column
joint and the mechanism
of resistance.
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6.3 The Mechanisms of Shear Resistance and their Modelling at Interior
Joints

For the case of monotonic loading up to the development of flexural
over-capacities, when f s = afy ' at both beam hinges adjacent to an interior
joint core, the internal forces around the joint resisted by the concrete
and by the reinforcement, as shown in Fig. 14 (b) , can be readily identified.
In a frame designed for seismic loading, in accordance with Section 5, the
critical column sections above and below the joint core will usually respond
to the beam actions within the limits of elasticity. Fig. 14(c) shows that
for the somewhat idealised example joint, on which for the sake of simplicity
no axial column load has been assumed to act, the internal concrete compress
ion forces, together with the column and beam shear and small bond forces,
6Tc ' could form a system in equilibrium. The principal component of this
mechanism is a diagonal concrete strut, transmitting the force Dc ' as
shown in Fig. 14(c). It is thus evident that this concrete mechanism is
capable of transmitting a significant fraction of both the horizontal and
vertical shear forces across the joint core. It is postulated that the
shear resistance of mechanisms associated with aggregate interlock forces
along diagonal cracks and those with dowel shear across the reinforcement
passing through the joint, are insignificant in comparison with the mech
anisms shown in Fig. 14(c). In terms of the forces at the lower right hand
corner of the joint (Fig. 14(b» the horizontal component of the diagonal
compression force, Dc ' is defined as

V
ch

= C
c

+ 6T
c

- V
col

= DcCOSS

where 6Tc is the bond force transmitted from the beam steel to the
concrete approximately within the shaded (Fig. 14(c» area of the diagonal
strut.

If all the remaining steel forces are also to be in equilibrium, then
significant bond forces must be induced within the joint core. These will
introduce shear stresses to the core concrete. In the majority of cases
the diagonal tension capacity of the joint concrete will be overcome at
relatively small loads so that the resistance against shear forces, intro
duced by the longitudinal beam and column bars, by means of shear stresses,
would break down. However, as Fig, 14(d) shows, with an effectively
anchored horizontal and vertical system of reinforcement a truss mechanism
can be developed in which the core concrete supplies the necessary diagonal
compression field with a capacity of Ds ' By observing in Fig. 14(d) the
flow of forces through four node points, the role of two tensions and two
compression members becomes self evident. It is to be noted that horizontal
shear reinforcement, usually recommended or implied in published studies [19),
is insufficient on its own. To sustain a diagonal compression field (Fig.
14(d) within a joint/it is necessary to maintain horizontal and vertical
compression forces at the boundaries of the core [3). These can be applied
to the core concrete by (a) distributed horizontal and vertical reinforcement
that is effectively anchored at or beyond the boundaries of the joint core
and (b) by external compression forces such as gravity compression on columns
and central prestressing [20) in beams. A common and practical solution is
to use horizontal stirrup ties and distributed vertical column bars placed
so that they pass through the joint core (Fig. 14(a». It is emphasized
that the vertical compression force applied to the joint core by vertical



joint reinforcement and compression load on a column is as essential as the
horizontal stirrup tie reinforcement, if the truss mechanism (Fig. 14(d» is
to function. It is convenient to denote the horizontal shear resistance of
this mechanism by

Vsh V
jh

- V
ch

= ~Ts DsCOSS (16)

where ~Ts = C + T' - ~Tc (Fig. (14b» is a bond force transmitted from the
beam reinforce~ent to the core concrete.

From considerations of equilibrium and the recognition of a potential
diagonal failure plane across the joint, as shown in Fig. 14(a) , it is
evident that horizontal shear reinforcement needs to be provided so that

V
A > __s__ (17)

jh = nf
y

where n is the number of sets of multilegged stirrup ties, with a cross
sectional area of Ao h , that are approximately uniformly distributed in the
joint core between t~e top and bottom beam reinforcement, as shown in Fig.
14(a) .

6.4 The Interplay between Concrete and Steel Shear Resisting Mechanisms at
Interior Joints

The designer's difficulty in satisfying the ba~ic equilibrium require
ment of Vjh = VCh + VSh is in the allocation of the horizontal shear to be
resisted by concrete mechanism only V h (Fig. 14(c» and by the truss mech-
anism V

sh
(Fig. 14(d». c

ACI-ASCE Committee 352 recommended [19) the use of equations for the
determination of safe shear stress sustained by the concrete that have been
derived for columns. The components of the concrete shear resisting mech
anism in a joint core, however, are significantly different from those
encountered in flexural members [3) with or without axial load. For this
reason the model given in Fig. 14, rather than that of a beam, will be used
to discuss the interplay between the two shear resisting mechanisms.

For this purpose it will be assumed first that the example joint, shown
in Fig. 14(a), is subjected to monotonic loading so that the overstrength,
with afy in tension, of both beams is developed. When, for the sake of
simplicity, equal top and bottom beam reinforcement is assumed (i.e. As2 =
Asl)' it is found from Fig. 14(b) that T' = T 2 Cc + cs ' To illustrate both
the relative magnitudes and simultaneously the simple equilibrium require
ments at say the level of the bottom reinforcement, these forces are plotted
for this first yielding as horizontal vector quantities in Fig. 15(a)

Bond transfer is a very significant aspect of joint performance. There
fore some rational assumption needs to be made with respect to bond stress
distributions along bars passing through the joint. For the monotonic load
stipulated above, a uniform steel stress variation and corresponding constant
bond force distribution may be assumed. A part (~Tc) of the total steel
force (T + Cs ) (Fig. 15(a» will be transmitted to the diagonal strut of the
concrete shear resisting mechanicsm. It (~Tc) combines with the concrete
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--.r:-....'Vcol compression force Cc
and the column shear
Vcol' (Fig. l4(c»,
to develop, together
with similar vertical
internal column

Tm forces, the principal
diagonal compression
force Dc Fig.lS(a».
The remainder of the
total horizontal
steel force ~Ts will
be part of the truss
mechanism, shown in
Fig. l4(d), which
when combined with
corresponding
vertical bond forces
from the column re
inforcement, will
give rise to Os

ct'

leo
T" s

+---40------:--+ ~

" T;'
s

Vb T'· T Cs -Cc

1--1ITs-J.1I7C-1
-At first yielding-

b T'· T ' c'O

I::: Ts \- T
c *'

---b.Ts*----~~
-After reversed cyclic loading-

Fig. 15 - The relationship between the internal beam
and column forces and the shear resisted by
the concrete arch and truss mechanisms
respectively (a) at first yielding,
(b) after reversed cyclic loading

Fig. lS(a) combines these two mechanisms and shows realistic relative
proportions of all forces discussed above. Measurements during tests also
indicated [21,22] that with negligible axial load on the column the concrete
shear resisting mechanisms may account at this stage for over one half of the
total joint shear.

After one major excursion in each direction into the inelastic range of
behaviour, the moment of resistance in the beam hinges adjacent to the
example joint, will be transferred to the beam reinforcement. Permanent
large full depth cracks develop across the plastic beam hinge and render the
concrete ineffective in compression so that, as Fig. lS(b) shows, Cs = T and
Cc = O. At this stage the effective anchorage length of the beam bars
through the joint is also reduced.

The total horizontal steel force introduced to the joint core is now
larger than in the case of first loading. Moreover, a considerable part of
the bond force ~Tc in the area of transverse vertical compression is absorb
ed to balance the column shear Vcol' as can be seen in Fig. 15 (b). Consequ
ently only a relatively small horizontal bond force can react with the
concrete compression forces from the column (C n

• and Cn
.) to form a much

reduced diagonal arch, Dc. The major part of Ehe horiz~ntal steel force ~Ts
will need to be transferred in the unshaded area of Fig. 14(c), necessitating
an increased truss action Vsh' The transfer of horizontal shear resistance
from the linear arch (Vch) to the truss mechanism (Vsh) , is evident from a
comparison of Figs. lS(a) and lS(b).

There is no significant change in the nature of vertical shear transfer.
As long as there is no yielding in the column bars, a substantial portion of
the flexural compression in the columns is transferred by the concrete to the
joint core. This vertical compression (Dc sinS) sustains a significant part
of the diagonal compression field of the truss mechanisms and can be consider
ed to replace the role of additional vertical shear reinforcement that might



otherwise be needed (Fig. 15(b».

When several cycles of inelastic reversed load have been imposed on the
joint during a severe earthquake, inevitably yield penetration along the
beam bars into the joint core occurs. Thereby bond transfer is destroyed
and the effective anchorage length of the beam bars is dramatically reduced.
The major part of the steel force transfer probably shifts to the centre of
the joint, away from the transverse compression exerted by the column.
Consequently after yield penetration the major part of the horizontal joint
shear Vjh must be resisted by the truss mechanism, V*h ' as shown by the
(dashed) vectors in Fig. 15(b). s

It is thus evident that reversed cyclic yielding and consequent yield
penetration will necessitate more horizontal shear reinforcement. As long
as yielding does not occur in the columns no significant change in vertical
joint steel demand should be expected.

6.5 The Strength of the Compression Field

A comparison of the loading in the previous example at two stages (Fig.
15) shows that the total diagonal compression force, D = Dc + Ds ' remains
constant and proportional to the total joint shear to be resisted. To fulfil
the design criteria, set out earlier, it is necessary to limit the diagonal
compression to ensure that a premature and possibly brittle compression
failure of the concrete does not occur. Concrete struts, that are formed
between diagonal cracks in the core, are subjected to complex loading and
distortions which will not permit the crushing strength of the concrete to be
attained [3]. One of the major sources of the weakness of the compression
field is the formation of two sets of diagonal cracks. When these cracks
are permitted to become large because of yielding in the joint shear rein
forcement, uneven bearing between faces of the cracks upon closure results,
leading to local crushing. It is customary [19] to protect the compression
field by limiting the value of the nominal joint shear stress. Confinement
is an effective means [3] to strengthen the diagonal compression field. This
necessitates ties, transverse to the plane of the frame, that control the
possible lateral expansion of the core concrete.

6.6 Bond and Anchorage

Using the simple principles of the diagonal concrete strut and the truss
mechanisms (Fig. 14) sufficient horizontal stirrup ties and intermediate
vertical column bars can be provided to enable the joint shear to be transfer
red across the joint core. To provide adequate anchorage for the beam rein
forcement, particularly in interior joints, is a more difficult task.

Unfortunately the environment for bond in a joint core may be adversely
affected by (a) the condition of the concrete as a result of extensive inter
secting diagonal cracks, (b) transverse tensile strains imposed by beam rein
forcement that may traverse the joint at right angles to the plane of the
frame and (c) yield penetration into the joint from adjacent plastic hinges.
Of these the latter is likely to be the most serious.

ACI-ASCE Committee [19] made provisions for the development of reinforce
ment by inVOking Section 12.5 of ACI Building Code [8] and by giving guidance
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for exterior joint anchorage details. It is strongly emphasised that gener
ally ACI 318-71 development requirements cannot be satisfied for beam bars
passing continuously through interior joints that are subjected to severe
earthquake loading. For lack of data Committee 352 did not make recommend
ations [19] for the more critical joints except that it pointed out that
smaller bars tend to reduce deterioration under reversed loading. However,
the design examples given [19] do not reflect any attempt in this direction.
It is implied that #11 (35 mm) Grade 60 (413 MFa) bars passing through a 24 in
(610mm) column could develop over a realistic effective development length
of approximately 15 times the bar diameter, in combined tension and compress
ion, 228% of the nominal yield strength of the bar. In the light of the
experimental evidence available this appears to be unattainable.

Excellent response to reversed cyclic loading was obtained at the
University of Auckland [23] in specimens in which the steel forces were
transferred to the core by welded bond (bearing) plates. By increasing the
beam steel area within the joint between two bond plates, yield penetration
into the joint and hence significant elongation between bond plates, that
would have led to hysteresis pinching/was prevented. Although this arrange
ment cannot be considered as a practical solution to the joint problem, the
tests have clearly shown the great significance of proper anchorage within
the joint.

It is suggested that when plastic hinges could form adjacent to column~

the diameter of a mild steel beam bar, passing through a joint, should not
exceed 1/25th of the column depth in the relevant direction. Experimental
evidence obtained so far [21,22] indicates that a large number of excursions
with adequate ductility in both direction of seismic loading can be made
before slippage of such bars will reduce the strength of the joint.

6.6 Elastic Joints

Two critical aspects of joint behaviour under seismic conditions have
been found to result in construction difficulties. Unless the flexural
tension reinforcement content in beams is kept small, i.e. less than 1.5%,
the horizontal joint stirrup reinforcement may become so large that serious
congestion of steel results. The limitation of bar size in beams, to reduce
the danger of Slippage, may result in the use of an excessive number of bars.
Some designers found it necessary to increase member sizes for the sake of
steel placement within joint. In spite of these measures in conventionally
reinforced joints a satisfactory safeguard does not appear to exist as yet
against pull-out of beam bars from joints. For this reason it is suggested
that whenever practical the prime cause of these difficulties, beam hinges
adjacent to column faces, should be eliminated. This may be achieved by
curtailing the beam reinforcement so that a deliberate weakness in flexural
resistance results at a more suitable beam section. The relocated potential
plastic hinge should be as near as practicable to the column face but far
enough to ensure that, as a consequence of reversed cyclic loading, yield
penetration will not extend to the column face. In such a beam, when well
designed, the steel stresses at the support sections will approach but not
exceed the level of nominal yield when simultaneously the overstrength
capacity at the relocated plastic hinges is being developed.



As Fig. 16 shows, the disposition of internal forces at such a joint is
similar to that of the joint examined previously (Figs. 14(b) and 14(c».
However, a number of distinct advantages become apparent:
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(a) Because steel stresses at the boundaries of
the joint do not exceed yield, concrete strains are
also limited and the concrete compression stresses are
relatively low.

(b) The concrete compression forces should not
substantially diminish with cyclic reversed loading as
all tension cracks should close upon load reversal.

(c) Considering the instantaneous nature of
loading a relatively large proportion of the flexural
compression force can be expected to be transmitted by
the concrete, i.e. there are no significant creep
effects.

(d) As tensile yielding cannot occur, yield
penetration, interfering with the development of the required elastic
strength of the flexural reinforcement, cannot take place. The bond con
ditions will be much more favourable than those in the previous case.

(e) The concrete compression forces and the appropriate proportion of
the bond forces from the reinforcement passing through the joint can combine,
even after repeated reversed loading, to form an effective diagonal arch Dc
similar to that shown in Fig. 15(a). Therefore the share of this mechanism,
vch ' in resisting the total horizontal joint shear Vjh could be maintained.

(f) As a corollary to this, a smaller shear force Vsh need be allocated
to the truss mechanism. This results in both a considerable reduction in
the joint shear reinforcement and an easing of the steel congestion in the
joint core. The relative proportions of the internal forces and the corres
ponding shear resistance for the previously discussed interior joint will be
similar to but more favourable than those shown in Fig. 15(a).

(g) Because yield penetration along the beam bars cannot occur and
because the environment for bond in the joint region in general is much
better, the use of larger size beam bars should be possible and thereby the
number of beam bars could be reduced.

Preliminary tests at the University of Canterbury and at the university
of California at Berkeley [24] verified the superior behaviour of elastic
joints.

6.7 The Effect of Axial Load

It is to be expected that axial compression will increase the shear
strength of a beam-column joint. Hence, for the same beam moment input less
joint shear reinforcement will be required. The simple mechanisms examined
previoUSly need only be extended to explain how axial compressive column
load can contribute to shear resistance.
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Fig .17 - The relationship
between the internal
forces of an elastic
joint also subjected to
vertical compression.

vcv+ Pu

result of vertical compress
the boundary section will

V:h vc'h It-ot

Fig. 16 shows (with dashed lines) that, as a
ion load on the column, the neutral axis depth at
increase from c to c*. Consequently a larger
proportion of the development of beam bars will be
in the zone of transverse compression. Equilibrium
considerations will require that the main diagonal
compression force, D~, becomes steeper and that it
engages an appropriate horizontal force (Cc + I1T~ 
Vcol) to maintain its inclination S* shown in Fig.
17. Thus the share of the horizontal steel force
I1T~, that will combine with the total column
compression stresses, must become larger. Fig. 17
shows qualitatively the distribution of the horiz
ontal joint shear components V~h and V~h with
axial compression Pu ' while exactly the same beam
moments are maintained as in the previous example
cases shown in Fig. l5(a).

The principles, relevant to axial compression,
apply equally to the case when plastic hinges in
the beams form at the column faces. Axial load on
the column, however, is not likely to reduce
significantly yield penetration. For this reason
the benefit of axial compression in "inelastic
joints" is likely to be less significant than in
"elastic joints't.

6.8 Exterior Joints

With few exceptions the
exterior beam-column joints.
ant aspects of behaviour and

principles of behaviour discussed also apply to
Because of space limitations only a few import

design are stated here.

Generally conditions at exterior joints are less critical because the
joint absorbs actions from one beam only and because beam bars can be anchored
more favourably by bending them toward the core at or beyond the remote face
of the column. After bond penetration into the joint core, standard or
extended 90

0
hooks may still be capable of providing full anchorage. At first

loading beyond yield a diagonal strut, similar to that shown in Fig. 14 (c),
can find full support at the bend of correctly detailed beam bars. However,
high hoop stresses, exerted by large diameter bars against the core concrete,
that has been damaged by intersecting diagonal cracks, have been observed to
have led to excessive hoop deformations and consequent slip [25].

One critical aspect of exterior joint behaviour is that of bond transfer
from column bars that pass through the core near the face of the column which
is remote from the beam that enters the joint. The cover concrete over these
column bars tend to spall relatively easily, particularly when heavy horizon
tal joint stirruping is used [3]. Moreover, the spalling of the cover concrete
may extend beyond the joint area and it may significantly reduce the flexural
strength of the columns. [261.

The· difficulties may be overcome at exterior joints, particularly when
relatively small columns are used, if the bars are anchored in a beam stUb,
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Alternatively use hairpin
ties extending into joint core

Fig .18 - Suggested arrange
ment of joint reinforce
ment at an exterior joint
with a stub-beam [3].

Several of the suggested design approaches
are the outcome of informal discussions
sponsored in 1976 by the New Zealand National
Society for Earthquake Engineering. They represent the current trend which
is likely to influence the drafting of the new New Zealand Code of Practice
for Reinforced Concrete Structures.

7 CONCLUSIONS

The principles of the "capacity design"
philosophy, as applied to reinforced concrete
ductile frames, have been presented. The
hierarchy in the preferred failure mechanisms
was emphasised. A simple technique, that
uses the quantities of an elastic analysis
for a code prescribed equivalent lateral
static load, has been presented to determine
the design moments, axial loads and shear
forces for columns. The mechanisms of shear
resistance in joints have been examined in
some detail.

such as shown in Fig. 18. This way the hoop
bearing stresses induced by beam bars can be
introduced to a mass of concrete that is not
subjected to joint shear. Moreover, the
anchorage of the column bars adjacent to this
stub is greatly improved. In a series of
tests the superior performance of specimens
with beam stubs was identified [3].

Specific suggestions mainly for those aspects of reinforced concrete
design for which no provision have been made in currently used codes [1,8],
are presented separately in the Draft Recommendations.
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1 INTRODUCTION

This paper describes the design and detailing of 2 multi-storey
reinforced concrete buildings in Wellington, New Zealand, in which
diagonal reinforcing has been adopted to solve the joint problem. Both
buildings are described briefly and the design method is outlined. The
design and detailing of the diagonal reinforcing is discussed.
Pr"fabrication of b"am cages is essential when using details of this
complexity but this in turn results in considerable site economies.

Williams City Centre was designed in late 1972 and construction was
completed in early 1976. It is a tube within tube structure, 28 storeys
high but the outer tube is pierced or frame only in the top 20 storeys
and is virtually solid shear walls below. The plan dimensions are 36.6
metres (120' 3") x 18.8 metres (61'g"). Columns in the outer pierced tube
or f:I:rame are olose spaced, the gravity moments are very small so the
outer tube frame moments are virtually completely due to lateral loads.

Diagonal reinforcing is used in the joints to transfer a proportion
of both the horizon tal and vertical shears and to limit diagonal cracking
and consequent deterioration of the truss action by which the balance of
the shear is transferred. At the time this design was completed the joint
problem was identified but little research had been done and no design
guidelinEls evolved. Assumptions were necessary in the design, many of
which now appear doubtful. Nevertheless the design evolved represented a
considerable improvement on previous details and it is likely that in the
event of a major earthquake the building's performance will reflect this
iml?rovemen t.

Lambton Square has been designed during the last year and construction
h~s not yet started. It is 18 storeys high and although the lateral load
resistance is by means of peripheral frames the columns are well spaced
and ~eam flange action is negligible. The plan dimensions are 34.5 metres
(113'6") x 25 metres (82'O"). Because of the floor system and the
concentration of lateral load resistance in the heavy peripheral frames
the gravity loads on the frames are small in relation to the seismic loads.

Diagonal reinforcing is employed in the midspan of the beams to form
a single elongated plastic hinge per bay. The remaining beam stubs and
beam-column joints are detailed to "nsur" th"y r"main "lastic and thus the
concrete can be utilised to provid" arch action in both zones. This
results in considerably reduced secondary reinforcing in thes" areas. A
test programme of this system is planned at the University of Cant"rbury



for late 1977 and it is likely that this will confirm that this system is
satisfactory and a major improvement over conventionally reinforced frames.

2 WILLIAMS CITY CENTRE

DIAGONAL JOINT REINFORCING

2.1 Building Description

The tower of Williams City Centre is 28 storeys high and is the main
building in a complex of 3 adjoining buildings. The plan and elevations
of the tower are shown in figures I and 2.

The lowest 3 floors are retail space, the next 5 car parking and the
top 20 office accommodation. The car parking floors are connected to the
previously constructed adjoining car parking building. To allow satisfac
tory movement and parking of cars and to satisfy other architectural and
town planning requirements a floor plan 36.6 metres (120'3") x 18.8 metres
(61' 9") was adopted. Economy dictated that floor to floor heights be kept
to a minimum and this reason together with the recommendations of
Reference (2) dictated the structural system adopted.

2.2 Structural System

The floor slabs are insitu flat plates with drop panels over the
internal columns. The internal walls surrounding the service core are
insitu concrete and carry both gravity loads and lateral loads particularly
in the north-south direction. The external walls are solid reinforced
concrete in the bottom 8 storeys, penetrations being kept to a minimum to
allow the car park to function. The top 20 storeys of the external walls
are a peripheral frame or pierced tube. 1.0 metre (3' 3") wide columns are
spaced at 3.0 metre (9'9") centres and the beams are 675 mm (27") deep in
a floor to floor height of 2.9 metres (9'6"). These member proportions
were chosen to encourage beam hinging and were accepted as satisfactory by
the architect.

2.3 Lateral Load Behaviour

In the long east-west direction lateral loads are resisted by tube
action on the external tube. The internal shear walls are not in ter
connected by lintels and have minimal stiffness in this direction.

In the short north-south direction tube action of the outer tube is
considerably assisted by the internal shear walls for the first few levels
of pierced external tube. The internal shear walls are virtually fixed
through diaphragm action to the outer box of shear walls and are consequently
very stiff relative to the external frame in this area.

2.4 Frame Design

A capacity design approach was followed. Gravity actions on the beams
were insignificant compared wi th seismic actions and equal top and bottom
reinforcing resulted. The maximum beam shear associated with beam over-
strength capacity was limited to 0.50..[fT;, MPa (6~ psi). Reinforcing
in the form of double rectangular spiral stirrups was provided to carry
all of this shear for a distance d adjacent to the column face.

Columns were designed for moments associated with the development of
over-strength capacity moments in the beams and axial loads associated
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with simultaneous hinging of a proportion of the beams above the column in
question. Typical maximum beam and column reinforcing is indicated in
sections 1 and 4 of figure 3.

2.5 Joint Design and the Use of Diagonal Reinforcing

At the time this building was designed in late 1972 the main problems
inherent in beam-column joints had been identified but design methods had
not been evolved and few joints had been tested. Common practice was to
reinforce the joint with horizontal ties only as required by ACI 318-71
and the 1968 SEAOC code. The problems identified were:

(a) To form an effective truss mechanism to transfer horizontal or
vertical shear across the joint both vertical and horizontal rein
forcing are necessary within the joint.

(b) The transfer of forces from the longitudinal bars, particularly the
beam bars, to the concrete struts, which involves extremely high bond
stresses.

(c) Yield penetration into the joint from the face of the column thus
causing a further increase in the required bond stress.

(d) The development of diagonal cracking which when associated with
yielding of joint reinforcement and reversal of loads causes dete
rioration of the concrete strut action.

Initially joint reinforcement was calculated assuming that both
horizontal and vertical reinforcing would be used in the joint and on the
basis of the following assumptions:

(1) Zero axial load in columns. This is conservative in most cases but
probably unconservative where tension occurs.

(2) Beam moments were calculated on the assumption that beam bars
developed stresses of 350 MFa (50 ksi) compared with the guaranteed
minimum of 280 MPa (40 ksi) •

(3) Midpoint contraflexure was assumed in both beams and columns.

(4) Beam compression forces are carried 50% on steel, 50% on concrete.

(5) It was assumed that compression steel forces decrease to zero over
the first 190 mm (7~") and 140 mm (5~") in the beam and column bars
respectively. This area of the joint is under biaxial stress which
improves bond transfer.

(6) Bond stresses are assumed to be zero over the first 190 mm (7~")

and 140 mm (5~") in the beam and column tension bars respectively.

(7) Tension bar forces are assumed to be transferred by bond over the
cen tral 600 mm (24") and 400 mm (16") of column and beam respectively
and hence by truss action that requires joint stirrup reinforcement.

In effect it was assumed that compression forces would be transferred
by arch action and tension reinforcing forces by truss action.



These calculations indicated that, with the maximum beam steel of
8 - 24 mm bars both top and bottom, joint stirrups, both vertically and
horizontally, would have to be 20 mm dia. at 55 mm centres. This is
absolutely impractical and so the diagonal alternative was considered
and adopted.

2.6 The Diagonally Reinforced Joint

The joint reinforcing, adopted is shown in Figure 3. The 4 interior
bars of the 8 total bars both top and bottom are cranked through the
joint. To allow the bars to pass it is necessary to offset these bars
as indicated in section 4 of figure 3. This has the secondary effect of
offsetting the bars from the associated stirrup which was considered to
be acceptable in the body of the beam.

In the simplest terms a beam-column joint can be considered to be
subject to a principal tension across the diagonal and a principal
compression across the other diagonal. Thus the diagonal bars can be
considered to resist principal tension and compression directly.

In the joint adopted truss action is assumed to transfer approxi
mately 50% of the horizontal and vertical shears and the diagonal bars
are assumed to carry the balance. The bond stresses will be little
changed from the conventional al ternative considered but improved
behaviour seems likely since only 50% of the shear is required to be
transferred to the concrete struts. Because of the direct resistance
of the diagonal bars to the principal tension force it is anticipated
the control of diagonal cracking will be much improved. Joint stirrup rein
forcement to effect truss action transfer of 50% of the joint forces
was calculated at a maximum of 16 mm dia. at 75 mm centres both vertically
and horizontally. This proved to be quite practicable with careful
detailing and fabrication.

2.7 Reinforcing Detailing and Prefabrication

When a complex reinforcing detail such as the diagonal reinforcing
of the beam-column joint is adopted prefabrication becomes a necessity
for reasons of tolerance alone. Building height, and in this case
climate, were other compelling reasons.

Columns were prefabricated in single storey lifts. Beams were
fabricated in 2 bay cages 5.95 metres (19'6") long and lowered over the
column cages. Beam cages were butted at midspan and lapped with separate
lapping bars. The use of rectangular spiral stirrups and ties was
adopted to avoid having to anchor each one separately and thus the
congestion problem created. In addition considerable placing labour
was saved. For tolerance in erection the joint horizontal steel was
detailed in the form of pairs of hairpin bars which had to be tempo
rarily tied to the vertical joint steel during erection and finally tied
in place around the column bars through the joint as indicated in section
3 of figure 3.

3 LAMBTON SQUARE

DIAGONAL BEAM REINFORCING

3.1 Building Description

The Lambton Square building will be 18 storeys high and has a floor
plan measuring 34.5 metres (113'6") x 25.0 metres (82'0") as indicated on
figure 13. Typical floor to floor height is 3.15metres (10'6").
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The lowest two floors are retail shopping, the 3rd level provides car
parking and levels 4 to 18 are office space. Podium floors which are
separate structures extend from level 1 to 4. The planning requirements
particularly at the retail and car parking floors, the interconnection
with the podium areas and the need to functionally separate the office
space from the 3 lower levels dictated a frame structure. Architectural
requirements and the need to keep floor to floor heights to a minimum so
as to achieve the maximum floor area within a strict height limit dictated
that the frames be restricted to the periphery of the tower structure.

3.2 Structural System

A metal deck floor system with insitu topping spans between precast
internal beams and exterior insitu beams. Both internal and external
columns are insitu. Internal precast beams are wide and shallow consis
tent with the minimum floor height and have insignificant stiffness
comparedwiththe exterior east and west frames.

Lateral loads are resisted by the frame action of the external wall
frames. Despite the relatively stiff beams flange action under lateral
loads was shown by the analysis to be relatively insignificant and was
disregarded in the design.

3.3 Frame Design

The capacity design approach was adopted using the recommendations
of the N.Z. National Society of Earthquake Engineering Workshop on
Ductile Moment Resisting Frames. These recommendations will be published
in the Society's Bulletin during the latter half of 1977 and the basic
principles are presented in Paulay's paper (2).

Beam design for loads specified by the N.Z. Loading code NZS 4203 :
1976 (3) is discussed in detail in section 3.4. Column actions were
evaluated and designed for using the recommendations of Professor Paulay.
The beam column joints which remain elastic were also designed using the
recommendations outlined by Paulay from Reference (4).

3.4 The Diagonally Reinforced Midspan Plastic Hinge

Detailed design of this building was begun in mid 1976. By that
time research and development of design philosophy indicated that the
solution of the joint problem could best be achieved by keeping the plastic
hinges away from the oolumn faces and hence keeping the joints elastic.
In addition the plastic hinge shear stress limit had been halved to
0.25 Jfo;, MPa (3 Fe psi).

Initially the solution suggested by Bertero and Popov (5)
and illustrated in figure 4 was considered. However it was decided that
a longer zone 1 was prudent to protect the column and this combined with
45

0
diagonals in zone 2 meant zone 3 became fairly small and the hinges

were located a significant distance from the column face in relation to
the maximum moment. Initial investigation also indicated difficult
problems in fabricating the reinforcement.

At this stage Paulay made the suggestion to adopt a single
long central diagonally reinforced hinge similar to those used in shear
wall coupling beams. The suggestion originated from work by Paulay and
Spurr (6). Figures 5, 6 and 7 illustrate the superiority of diagonally
reinforced hinges as opposed to conventionally reinforced hinges.



Figure 8 is a schematic representation of the beam reinforcing
adopted and Figure 9 shows moment capacity and moment demand diagrams.
This diagram is presented in terms of pure seismic moment demand for
simplicity. Providing gravity moments are relatively minor, as in this
case, they have little effect on the argument. Figure 10 illustrates
the internal forces in the beam and joint.

Essential features of this design are

(a) Yielding is confined to the central diagonally reinforced "hinge"
region which behaves like a diagonally reinforced coupling beam.
Shears and moments are carried by a reinforcing tie and strut.
The concrete and secondary reinforcing in the hinge region is
required only to prevent buckling of the strut as a whole and
of the individual reinforcing bars of the strut.

(b) The beam stubs and beam-column joints remain elastic hence allow
ing reliance on concrete arch or strut action.

(c) To achieve the same displacement ductility an increase in curvature
ductili ty is required. However in this hinge system yielding can
be spread over a considerably greater length and thus reinforcing
strains and crack widths can be reduced.

(d) There is no possibility of sliding shear failure in the plastic
hinge because shear and moment are carried directly by the rein
forcement. There is a slight possibility of sliding shear failure
at the end of the stub but this is unlikely because the moment
gradient encourages spread of yielding and additional secondary
reinforcement has been provided, as described in section 3.5, to
further encourage distribution of yielding and reduced crack widths.

(e) Beam geometry has several influences. A long stub means steeper
diagonal reinforcement which is more efficient but the resulting
short hinge has greater rotational ductility demand thus requiring
greater steel strains and resulting in greater crack widths. A
longer stub also gives greater protection to the joint but requires
greater steel content at the column face.

Consideration of possible reinforcing layouts such as shown in
figure 11 indicated that an arrangement resulting in column face rein
forcing equal to twice the diagonal reinforcing would be satisfactory.
From a consideration of beam geometry it can be shown that
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1 /1
s n

0.5 - K coso<.
2n

length of stub from column face
clear span of beam
Factor of Safety against yielding at column face
ratio of steel area at column face to area of the
diagonal reinforcing
angle to the horizontal of the diagonal reinforcing.

Typical values for K (1.25) and n(2.0) gave Is = 0.194

3.5 Beam Design

1 when 0< = 12
0

•
n

From equilibrium it follows that the vertical component of the tension
and compression forces at yield equal the applied design shear.
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Secondary steel is provided to prevent buckling of the compression
strut and to hold concrete in the body of the beam during an earthquake.

A modest allowance is made for the contribution of concrete to shear
transfer in the stub and conventional beam stirrups carry the balance of
the shear.

Steel is provided at the end of the stub to resist the vertical
component of the compression strut force based on its over-strength
capacity.

3.6 Joint Design

As outlined above the design ensures that the joint remains elastic.
Proposals by Blakeley (4) suggest that more than 50% of horizontal joint
shear can be carried by concrete arch action in an elastic joint providing
it carries no tension. Horizontal joint steel is reduced accordingly.

Vertical shear is resisted by the same concrete arch action with
assistance from vertical column reinforcing passing through the joint.

Design of joint reinforcing followed the reoommendations of Reference 4.

3.7 Reinforcing Detailing and Fabrication

Details of the beam reinforcing are shown on Figures 13 and 14. This
system was designed in close consultation with both Paulay and
the builders, Civil and Civic (N.Z.) Limited. Other systems indicated
schematically on figure 11 were considered. Options band c were rejected
because of concern regarding anchorage and congestion with the beam-column
joint. Option d solves the anchorage problem but is not practical because
of access problems and is extravagant in terms of construction time. A
system using option e was developed but ultimately rejected because it
involved a set placing sequence and was likely to occupy too much site
placing time.

The system adopted involves only 3 basic prefabricated beam cages
viz. the male, female and smaller end types shown in plan on figure 13.
There are minor variations in the basic types to accommodate the corner
interlapping. Apart from the corners where the cages have to be slid
horizontally into position all other cages are lowered vertically into
position. This ability considerably eases tolerance problems. Internal
columns are prefabricated in single storey lifts to facilitate the
above beam erection system. Corner columns are prefabricated in 2 storey
lifts.

With reference to figures 13 and 14 the following points of interest
are noted

(a) The light reinforcing within the diagonally reinforced hinge area.

(b) The codcentration of vertical stirrups at the end of the beam stubs
to carry the vertical component of the diagonal compression strut.

(c) Horizontal joint reinforcing consisting of column ties carried
through the joint in the corner columns. This was possible because
of the need to slide the corner beam cages horizontally into
position.



(d) In interior column joints straight bars are used to carry the
horizontal shear and these are anchored in the elastic beam stub.

In addition they are extended into the hinge region as shown to
assist in spreading the yielding and cracking in this area thus
reducing the possibility of sliding shear failure.

4 CONCLUSIONS AND RECOMMENDATIONS

4.1 The Diagonally Reinforced Joint: Williams City Centre

The adoption of diagonal joint reinforcing in Williams City Centre
represented a considerable improvement on conventional reinforcing in the
light of research at the time. Some of the assumptions made in the design
of th00int and the plastic hinge shear stress limit of 0.5 -If': MFa
(6 -If' psi) have subsequently been shown to be doubtful. Necvertheless
it is difficult to envisage these joints seriously deteriorating or full
depth shear cracks developing at the faces of columns except perhaps in
limited areas.

With improvements to minimise the possibility of sliding shear
failure such as central prestressing or those suggested by Fenwick and
Irvine in Reference (7) and the moving of hinges sufficiently far away
from the columns to reduce the possibility of yield penetration this type
of joint reinforcement warrants further research.

Despite the apparent complexity of the reinforcing layout with careful
detailing and the extensive use of prefabrication construction problems
were minimal and considerable on site economies were effected.

4.2 The Diagonally Reinforced Midspan Plastic Hinge: Lambton Square Building

The solution to the joint problem in this building has been effected
in a time honoured manner viz. to remove the problem. The diagonally rein
forced midspan plastic hinge despite increased rotational ductility demand,
is expected to have much superior behaviour because of increased hinge
length and hence distributed yielding and cracking. Hinge behaviour is
dependent solely on the diagonal reinforcement except for secondary rein
forcement to prevent buckling of the compression strut. With minor
additional secondary reinforcement the likelihood of sliding shear
failure at the end of the beam stub is reduced.

The beam stub and joint are designed to remain elastic and consequently
the concrete can be relied upon to provide substantial arch action to
transfer shears. Secondary reinforcement is thus greatly reduced particu
larly in the joint.

A test programme on this beam reinforcing arrangement and the
associated joint is planned at the University of Canterbury during the
latter half of 1977.
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INTRODUCTION

The nonstructural components of a building include facades, curtain walls, ceilings,
partitions, elevators, lights, electrical power systems, plumbing, ventilation, exhaust
and air conditioning systems, heating and refrigeration systems, fire protection systems,
telephone and communication systems, storage racks, and even large pieces of owner
supplied furni ture or portable equipment. In the past, the usual structural design pro
cedure has been based on the philosophy that to design a building to avoid all damage
during a major earthquake is not economically justifiable; the structural system of the
building is intended to be deformed by strong ground motion, and damage to some of the
nonstructural elements is expected. However, recent major earthquakes (Alaska 1964,
San Fernando 1971, Managua 1972, and Guatemala 1976) have caused considerable dam
age to the nonstructural elements and electrical/mechanical equipment of buildings sus
taining only moderate structural damage. The investigation [1-7] of the damage
caused by these earthquakes has indicated the need for architects and designers of non
structrual building systems to acquire background and additional skills in the analysis
and design [8] of these systems for the building dynamic environment caused by the
structural response to earthquake ground motion. An even greater emphasis is provided
by the fact that approximately 70 percent of the construction cost of a building is for
equipment and nonstructural elements. An increasing concern over the life-safety
aspects of building design is also apparent. Thus, not only must the substantial mon
etary investment in nonstructural elements and equipment be protected, but also the
systems concerned with insuring life-safety must be made seismic resistant. A building
isnot safe if, during an earthquake, light fixtures and ceilings fall, elevators do not
operate, emergency generators do not come on, loose objects block exits, and broken
glass falls into the street. A building is not properly designed if an owner sustains huge
losses due to nonstructural damage. The lessons learned by detailed studies of damage
sustained by earthquake-tested buildings must be carefully reviewed by both architects
and engineers. One lesson from past earthquakes is clear: The amount of damage
sustained by nonstructural building components could have been greatly reduced by
relatively inexpensive corrective measures.

The participation of nonengineered filler walls and other nonstructural elements in
the total structural response is an increasing concern of structural engineers. The dis
tribution of nonstructural walls can force a torsional response in symmetric buildings,
alter the system frequency response and damping characteristics, and create loading
conditions on structural elements for which they were not designed. Comparisons of



nonstructural damage noted in recent post-earthquake damage studies [3,7] between
reinforced concrete ductile frame and shear wall building construction have been striking.
The control of inter-story drift in the design of ductile frame structures is a critical prob
lem, both from a structural standpoint and from an architectural detailing standpoint.

CURRENT NONSTRUCTURAL DESIGN PRACTICE AND CODE
REQUIREMENTS

The development of plans and specifications for a modern building is a team effort.
An architect acts as a coordinator and general manager of the project as it moves from
concept to design and into the field and is finally erected. The primary outside con
sultants on the design team are the structural, mechanical, and electri cal engineers.
An additional outside consultant is usually retained to design the elevators. The struc
tural engineer and the architect require the services of foundation and soils engineers,
and continual liaison with material manufacturers and governmental agencies by all team
members is necessary in the development of the design. This outside group of consultants
often controls the design of 75% of the total construction cost of a building.

The first concept of the size and shape of a building are developed by the architect
from his knowledge of the client's needs. In most instances, the fundamental decisions
are rendered before the structural engineer is called to develop a structural frame to
meet an architectural design and before mechanical and electrical engineers are called
in to design their systems. Thus, the architect has the initial responsibility of advising
the client of the necessity for considering the seismic design of nonstructural components
within the proposed building. This must be done at the earliest possible time to insure
that the costs for such considerations are included in the preliminary cost estimates.

Most building owners, and unfortunately their architects and engineers, consider
building code minimum requirements as adequate protection against earthquake damage,
and they will not increase their capital costs to improve occupant safety or reduce future
repair costs. This firm belief in the infallibility of building codes is usually badly
shaken after each earthquake. But memories are short and the magnitude of repair costs
and other post-earthquake difficulties with buildings are not made public, so owners
usually resist added costs for earthquake resistive features that are not spelled out in a
code. Thus, recent legislative efforts have been concerned with upgrading codes,
especially for "critical" faci IHies.

After the 1971 San Fernando earthquake, in which sevelal modern hospital buildings
and equipment were seriously damaged, the California Legislature enacted The Hospital
Seismic Safety Act of 1972. The implementing regulations [9] which have been adopted
are the first government code to link geology, seismology, structural engineering, and non
structural building design. The regulations, which are the most complete concerning non
structural building components to date, require that nonstructural components and equip
ment resist the application of an equivalent lateral static force which can be equal to the
equipment weight (i .e., 1.0 G acceleration). The dynamic design of equipment is al
lowed as a "footnote" type option. The nonstructural requirements of Title 17 are sum-
marized in Appendix Table 1. Considerable experience has been gained in the ad-
ministration of the regulations in current California hospital construction. A compre-
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hensive document [10] is under preparation which will give design guidelines for ac
ceptable nonstructural detailing practice consistent with the intent of the regulations.

The concern over hospital earthquake resistance is not limited to California. The
military services and the Veterans Administration have standard requirements [11,12]
for the seismic design of hospital facilities, including nonstructural elements. Recent
changes to the Uniform Building Code [13] have also upgraded the lateral force coef
ficents for nonstructural components. These new UBC requirements are summarized in
Appendix Table 2. The current efforts of the Applied Technology Council (ATC-3 Pro
ject) to review the state-of-the-art in earthquake engineering and develop comprehensive
seismi c design recommendations [14] including nonstructural components, should also be noted.

The existence of a good building code, however, does not in itself ensure that its
provisions will be properly applied by the design team or installed by the contractors.
Most of the problem stems from the traditional divisions of responsibilities between de
sign professionals, and a construction industry that does not requi re careful detai ling of
nonstructural elements. It is during the preparation of the working drawings and spec
ifications that the final decisions are made regarding the detailing -- or lack of detail
ing -- of the nonstructural components for seismic resistance. Often the mechanical
and electrical drawings are schematic only, with the design and installation requirements
contained within the written specifications. Because the documents are prepared for
competitive bidding, alternative equipment and materials must be accepted if they are
equal in quality and performance to those specified. Shop drawings prepared by the
successful contractors or materials manufacturers must be submitted to the design team
for approval before installation. These shop drawings contain the actual installation
details and become the final guide to the execution of the design. This shift from the
plans prepared by the design team to the shop drawings and then to the work of the instal
ler at the building requires careful supervision if the intent of the design is to be execut
ed properly. Many of the installation details of nonstructural elements are deliberately
omitted from drawings, because of long standing trade practices that have left many of
these decisions to product manufacturers and installers. To overcome these problems,
all members of the design team must see that all nonstructural elements are detailed
or carefully described in the specifications. The entire design team must then vigor
ously defind these details from contractor proposed alternates that do not meet the de
sign intent, and then demand that they be properly executed in the field.

It should be noted that there is a considerable gap between the equipment qualif
ication procedures used in normal commercial building design, including hospitals,
and those utilized in critical military and utility facilities [15]. Building equipment
design requirements are based upon application of an equivalent static force to insure
proper anchorage and enclosure or support strength. The problem of functional per
formance is not addressed. Equipment items deemed critical, such as life safety system
components (fire pumps, smoke ventilation, elevators, etc.) are simply designed for
higher levels of equivalent static force in an attempt to obtain performance. This
philosophy is valid for non-critical equipment, given the damage patterns noted during
past earthquakes, which indicates that a great majority of damage can be prevented
simply by expedient restraint of building service system equipment. But critical equip-



ment, whose function is mandatory, cannot be qualified by application of anchorage
requirements. Some code work (NFPA, ASME) in this area is currently under develop
ment.

BUILDING DYNAMIC ENVIRONMENT

Usually, the structural engineer is the only member of the design team to analyze
the effect of dynamic bui Iding forces induced by earthquakes. All members of the de
sign team, however, must inform themselves of the nature of earthquake-induced forces
in buildings and of the manner in which the stress paths occur between the structural and
nonstructural elements of a building. The structural frame may absorb the earthquake
forces without significant damage, but the movement of the building induces significant
secondary damage to nonstructural elements. In addition, the net resistance of the non
structural elements with floor-to-floor connections contributes to the overall stiffness of
the structural system, thus influencing the dynamic response of the building. The re
sulting damage to nonstructural components shows a lack of knowledge among nonstruct
ural designers of building response characteristics due to an earthquake. Since the
majority of building service equipment is located both on the ground floor and roof, the
nonstructural designer must understand the characteristics and response effects of both
ground motion and floor motion.

Building Amplification

Since 1965, the City of Los Angeles has required placement of three strong-motion
accelergraphs in all new structures greater than six stories in height. Subsequently,
adjacent municipalities have adopted similar requirements. These instruments are placed
in the basement (base level), mid-portion (intermediate level) and near the top (upper
level) of buildings. The 1971 San Fernando earthquake may be viewed as a full-scale
experimental test of a wide variety of building types to strong ground motion. Forty
nine buildings, ranging in height from 7 stories to 43 stories, recorded motion in three
component directions at the base level and at least one higher level. These buildings
were located at distances from the epicenter ranging from 20 km to 83 km and were ex
posed to peak horizontal base (ground) accelerations ranging from 0.030G to 0.255G
and peak vertical base accelerations ranging from 0.019G to 0.171 G (l G= 980.6 cm/
sec/sec). The resulting peak horizontal upper level floor accelerations ranged from
.OBG to .50G while peak vertical upper level floor accelerations ranged from .04G to
.36G. The uniformly processed, digitized, corrected, and analyzed data set for these
recorded accelerograms has been published [18-20J •

A structural system acts as a mechani cal narrow-band filter for earthquake ground
motion, amplifying and filtering at approximately the modal frequencies of the building.
The resulting floor motion becomes the input base motion for anchored (and unanchored)
equipment. The severity of floor motion is usually measured by the peak or maximum
floor acceleration. While the use of peak acceleration as measure of damage is often
unsatisfactory, the maximum acceleration parameter is physically understood as a measure
of the inertial force that must be resisted by a rigid, anchored object. Recent studies
[ 16, 17] have characterized the amplification of building motion by the ratio of peak
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output (floor) acceleration to peak input (base) acceleration. This comparison yielded
average values for a large sample of building types, heights, and construction of recent
design. The understanding of the response behavior of a building subjected to ground
motion is complicated by the effects of three dimensional motion, coupled torsional
lateral response, and non-linear behavior. A great many parameters influence the re
sponse of a particular structure including the frequency content of the ground motion
at the building site, soil-structure interaction, discontinuities in structural framing, the
detailing of the structural connections, and even the stiffness of the nonstructural com
ponents. In addition, the recorded motion represents the response of a singular point
within the structure, thus a wide range of values should be expected when using the ex
treme or maximum peak values as a measure of response severity.

An example of a recorded reinforced concrete frame building response is shown in
Figure 1 for a duration of 35 seconds. The nonlinear filtering behavior of the building
is easily noted by the comparison of the base level accelerograph record with the upper
level. The frequency of response during the first 10.7 sec. has considerable higher
frequency content than the latter 24.3 sec. of record. A more detailed evaluation of
the recorded floor motion reveals that the average period of response during the first
portion of the record is approxi matel y 0.6 sec. and then lengthens to 1.5 sec. for the
remainder of the record. For this presentation, the record was filtered by eye to re
move the higher frequencies present in the recorded accelerogram (the larger scale plot
contained in [18] was used as a guide; of course the record could also be numerically
filtered). This particular building was the subject of a detailed post-earthquake study
[22,23] which noted that the interior partitions and exterior cement plaster walls re
duced the design response period by 30% and accounted for approximately 60% of the
initial lateral force resistance of the structure prior to cracking. It should be noted that,
in this case, the peak floor acceleration occurs prior to the peak ground acceleration
which implies that the ratio of the two values is at best only a qualitative measure of
amplifi cation. .

The horizontal amplification characteristics [16] of the buildings during the 1971
San Fernando earthquake are given in Figure 2 which compares the computed FAF (Floor
Amplification Factor) over the range of story heights reported [21] for the 49 buildings.
The steel frame and reinforced concrete buildings have been identified in this presentation.
As can be noted from Figure 2, the amplification behavior of the buildings is relatively
independent of story height with an average horizontal FAF value of 2.3. The steel
structures, when compared to the reinforced concrete buildings within the building sample,
exhibit a characteristic lower amplification •.

In Figure 3, the largest horizontal FAF is compared to the largest peak ground
acceleration, disregardi ng component di rection. Thi s compari son indi cates a trend
of decreasing building amplification with increasing peak ground acceleration. As
suming that peak recorded base acceleration is a measure of the overall strength or in
tensity of ground motion, we observe that the amplification decline may be attributed
to the increased equivalent damping level caused by accumulated structural damage.
Curves have been fitted [17] to the initially reported [21] San Fernando data which
distinguish geologic conditions and reinforced concrete/structural steel construction.
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FIGURE 1 • EVALUATION OF RECORDED BUILDING MOTION.

HORIZONTAL
flOOR AMPLIFICATION FACTOR - UPPER LEVEl

(45 MULTI-STORY BUILDINGS - 1971 SAN FERNANDO, CALIFORNIA EARTHQUAKE)

BUILDING AMPLIFICATION:

8
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------ -- = FAF
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BUilDING HEIGHT (STORIES)

16 1/ >17

FIGURE 2. HORIZONTAL UPPER LEVEL BUILDING AMPLIFICATION.
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HORIZONTAL
FLOOR AMPLIFICATION FACTOR - UPPER LEVEL
(45 MULTI-STORY BUILDINGS 1971 SAN FERNANDO, CALIFORNIA EARTHQUAKE)

o
o oo

BUILDING AMPLIFICATION:
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HORIZONTAL PEAK GROUND ACCELERATION, G (lG =980.6 .::2 )
FIGURE 3. HORIZONTAL BUILDING AMPLIFICATION COMPARED TO

PEAK GROUND MOTION.

(1971 SAN FERNANDO, CALIFORNIA EARTHQUAKE)
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I
I
I
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I
I

INTERMEDIATE LEVEL I-------i..;.;.;--~-----.)
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(36 BUILDINGS)

(0) 4

HORIZONTAL FLOOR AMPLIFICATION FACTOR, FAF

FIGURE 4. DISTRIBUTION OF HORIZONTAL BUILDING AMPLIFICATION
OVER BUILDING HEIGHT.



However, any use of the data to indicate a definite trend should be viewed with cautian
due to the few data points greater than O. 20G horizontal and 0.1 OG verti cal.

Figure 4 indicates the distribution of horizontal amplification over building height.
Vertical amplification of ground motion is another important consideration for nonstruct
ural components and equipment. Figures 5 - 7 present the vertical amplification char
acteristics of the group of buildings with recorded motion. Again, the amplification
behavior of the buildings is relatively independent of story height with an average vert
ical FAF value of 2.6. Both horizontal and vertical components have the same average
amplification, FAF = 1.8, for the intermediate levels. The distinction between steel
and reinforced concrete construction is not apparent for vertical amplification behavior.

Spring Mounted Equipment Response

Given that an equipment item is properly anchored (i .e., not susceptible to over
turning or sliding), the equipment with attached components will respond to the floor
motion as an independent structural or mechani cal system. Ri gid equipment, such as
motors, pumps, etc., which are directly mounted to the floor will not experience ad
ditional amplification. However, building service equipment is often placed on spring
mounts, or vibration isolators, to reduce the transmission of equipment vibration to the
structure (and tenants). The failure of vibration mounts and the resulting overstress of
connecting pipe and conduit is a frequent observation during post-earthquake damage
surveys. The specification of spring mounts with 1.0 in. (2.54 cm) static deflection and
equal vertical and lateral stiffness is a common practice for building service equipment,
resulting in equal vertical and horizontal natural frequencies of 3.1 cps (Hz) (ignoring
for the present discussion the effect of rotatory inertia due to a base mount configuration).
The response of such flexible equipment within a building is best evaluated using floor
response spectra. The analysis [20] of the recorded building motions provides computed
floor response spectra for each component of building motion recorded. Using the ratio
of response spectrum ordinate to maximum ground acceleration, the computed [16] RSAF
(Response Spectrum Amplification Factor) for the lateral response of spring isolated equip
ment with 1.0 in. static deflection mounts and equal vertical and horizontal stiffness are
compared in Figure 8 for equipment located at the upper levels of a building. The largest
computed [20] response spectrum ordinate (acceleration) within a frequency band, f =3.1
±0.4 cps, for a system with 5% critical damping was used in computing the RSAF of each
component of motion. The range of upper level hori zontal response spectrum ordinates
was 1.85 G to 0.123 G. Figure 10 compares the RSAF for equipment located at the base,
intermediate, and upper levels of a building. The average amplifi cation for a spring
mounted equipment item (f = 3.1 cps, 5% damping) was 3.3 at the base level, 5.0 at the
intermediate level, and 6.2 at the upper level of the buildings with recorded motion.
Consistent with the lower amplification of the steel structures noted in Figure 3, the steel
structures appear to input less energy to the 3.1 cps spring mounted system.

Another study [17] of earthquake-induced in-building motion cri teria has presented
average design spectra based on simulation results. Table 3 has been prepared for com
parative purposes with Figure 9. The suggested design criteria [17] appears to be con
servative when compared to average amplification of the buildings with recorded motion.
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(1971 SAN FERNANDO, CALIFORNIA EARTHQUAt\E)
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TABLE 3
RESPONSE SPECTRA AMPLIFICATION (Ref. 17)

f = 3 cps, 5% Damping, XFloor = O.7G, XGround = 0.3G

No. Stories RoofX,G X/XF X/XG=RSAF

2
5

10
20

6.0
4.5
3.0
2.5

8.6
6.3
4.3
3.6

20
15
10
8.3
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Research to define the measured response amplification at other building equipment
frequencies of interest is being conducted by the author.

Bui Idi ng Drift

The response of structures (in terms of structural element stress) at earthquake levels
which exceed the design capacity are mitigated by nonl inear behavior but at the expense
of large yielding displacements or drifts. Often, drift is the cause of the majority of
damage sustained by buildings during an earthquake. The review of actual recorded
building motion provides a realistic estimation of building drifts which are the result of
the ductile behavior of buildings during moderate earthquakes. Figure 11 gives the
drift determined from recorded data [19] obtained from the example instrumented multi
story concrete frame building. The relative displacement response of the building
upper level was obtained by graphically subtracting the plotted [19] absolute displace
mel1t of the base level from the absolute displacement of the upper level (assuming that
both instruments were triggered at the same time). The long period (11 sec.) fluctuation
is due toa processing error caused by misalignment of sectional enlargements of the record
during the digitization process [24] (see also [19], Part G). Since the relative displace
ment response is dominated by the fundamental mode, the response of the floors are in
phase thus the peak story drift distribution over the building may be estimated by plot
ting the upper and intermediate peak relative displacements as shown in Figure 11. The
peak story drift for this example building was of the order of one inch or 0.01 foot drift
per foot of building height which is in accordance with the observed [23] nonstructural
damage resulting from the 1971 San Fernando earthquake. Estimates [25, 29] of ap
proximate damage levels of drift for buildings during the San Fernanco earthquake have
been made for comparison of frame and shear wall construction performance. Studies
[ 30, 31] have attemped to correlate the damage statistics gathered after the San Fernando
earthquake, but definitive design criteria have not been developed which consider damage
Iimi tation due to drift.

ARCHITECTURAL SYSTEMS

A primary function of architectural systems is to enclose and subdivide the interior
space of a building. A wide variety of enclosure and finish systems are utilized within
the building construction industry. Nonstructural architectural components which have
floor-to-floor connection such as slab-to-slab partitions (fire-walls), curtain walls, and
stairs must accommodate story drifts or be damaged by the imposed forces. Exterior and
interior glazing, doors, and hung ceilings, while normally not directly connected between
floors must accommodate the deformation imposed by the exterior panels or interior par
titions. The cost of repairing plaster, drywall, glass, and other drift damage is often the
most costly post-earthquake repair item due to the labor manhours required. Often, the
mode of interaction between the enclosure or finish system and the primary structure is
not apparent. Research [25,29] is continuing in the identification and recommended
detailing required to accommodate such interaction. Design guidelines and acceptable
architectural details [10] within hospitals are currently under preparation. The design
guidelines utilized for GSA buildings [32] should also be noted.
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Suspended ceilings which are hung with wire, and yet attached to a partition at
the room periphery, will accommodate drift. However, the presence of knee braces
(extended metal studs) in long walls and the occurence of firewalls will retard this
flexibility in some areas. Some peripheral damage will occur either by buckling or
tearing away of the suspended ceiling. In order to prevent ceiling collapse, additional
wire hangers should be provided, especially at the periphery of rooms and corridors.
Recommendations which suggest that diagonal crossbracing wires be used to insure that
ceilings remain rigid and move with the above slab require that the peripheral details
of such installations accommodate the drift or simply be a covered gap. The current
use of "structural" ceilings for Cal ifornia hospital construction should be noted.

The behavior of stairs within an enclosed stairwell which is distorted by building
drift is critical. The detailing of door frames which provide building egress, or access
through firewall partitions and structural walls must be carefully examined to insure that
doors are not jammed shut.

The proper detailing of exterior enclosure systems, glazing, and connections for
architectural precast panels, stone veneer, and sheet metal panels are areas which require
investigation. Considerable research and design effort in these areas have been expended
for the design of individual large buildings, but little formal documentation can be found
in the published literature.

The critical design parameter for architectural systems is the inter-story drift expected
during a moderate earthquake; not the drift determined from application of design lateral
forces required by code. Racking tests [26,27] of various types of interior partitions
have indicated that incipient damage, in terms inter-story drift, begins at about 0.0025
times the story height. Inter-story drifts that would require repair to the partitions would
be in the range of 0.005 to 0.010 times the story height. These values are in general
accordance with the observed damage [29] resulting from the San Fernando earthquake.
In a building which has not been specifically designed to limit excessive seismic drift
damage, little can be done to prevent such damage. An understanding of the structural
behavior of a building during moderate earthquakes is necessary. The question of how
much drift allowance to provide in the detailing of architectural components must be
decided upon by the architect in consultation with his structural engineer. Cost trade
off studies are necessary to determine whether construction dollars should be placed in
increased structural resistance (stiffness) or architectural detai Is whi ch allow for drift.

The design of frame structures with masonry infill walls or other types of nonstruct
ural infill panels which act as a shear diaphram is an area of concern for structural en
gineers. Such walls affect the strength of reinforced concrete frames and must be in
cluded in the structural analysis and design. Recent earthquake damage has identified
[ 3, 7] the problems of masonry infill wall construction. Procedures and design rec
ommendations for such construction are available in the literature [28] •

ELEVATOR SYSTEMS

The vulnerability of building elevator systems to earthquake damage has been well



documented in earthquake damage studies and reports [1,2,3]. The damage statistics
(over 674 inoperable) for elevator damage due to the 1971 San Fernando earthquake
[2,8] provide an indication of the expected elevator damage that will occur when an
earthquake of moderate magnitude occurs near a major metropolitan area. The occurance
of a large magnitude earthquake near an urban area would damage and impair an even
greater number of building elevator systems due to the larger area experiencing significant
ground motion. Regulatory code changes have been proposed and adopted by a few gov
ernment plan check and review agencies to mitigate some of the past earthquake damage
modes for new elevator construction. The question of retrofiting existing elevator systems
has been discussed and a state-wide code recently adopted. These codes require that
equipment be anchored and that rails and support framing be designed to resist specific
lateral forces. In addition, these codes include provisions for automatic controls which
shutdown the elevators following an earthquake, after allowing passengers to exit at the
nearest floor, and prevent use until inspection and repair occur. Thus, the purpose of
these code requirements is to minimize physical elevator damage, and provide for shut
down of the elevators in the case of damage to prevent entrapment and further elevator
damage.

However, the failure of elevators to operate after an earthquake has a more serious
aspect than the loss of a means of egress for the occupants of buildings. Current Life
Safety Codes for high-rise buildings (greater than 75 feet in height) require that elevators,
in the case of fire, operate under the control of the Fire Department. It is not practical
to get people out of a large, tall building in emergencies, and current practice is to de
sign places of refuge within the building where the occupants will be safe from fire.
But the elevators must function so that fi re rescue teams can have immediate access to
the floors involved and must continue to function, even when the occupants are pro
tected by firewalls and other emergency devices, to allow the necessary fire fighting
and smoke removal equipment to be rapidly brought up to the floors as required. Thus,
given the increased probability of fire following an earthquake, the elevator systems of
a building are the "weak-link" of the Life Safety System of a modern high-rise building
located in an earthquake prone area. Current elevator code provisions do not consider
the necessity for functional requirements following an earthquake. A comprehensive
review [34] of the current seismic design considerations for elevator systems is currently
under preparation. The primary problem in elevator design, from a structural standpoint,
is providing sufficient framing and anchor points within the hoistway to allow restraint
(and adequate connections) for the car and counterweight rails.

MECHANICAL/ELECTRICAL SYSTEMS

The mechanical/electrical systems of a building are an extremely complex network
of equipment and distribution of required services. The level of detailing for these sys
tems contained within the construction documents has, in the past, been minimal. The
construction drawings are schematic with great emphasis placed upon the written specif
ications. Thus, the requirement of seismic details on mechanical and electrical drawings
for California hospital construction caused some initial confusion among designers. The
development of guidelines and acceptable common details [33] greatly eased this problem
(see Figure 12). A more comprehensive set of guidelines [34] (and commentary)
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is currentl y under development. It is anti cipated that these guidelines will greatly
simplify the seismic design of mechanical/electrical systems within all buildings. The
mechanical/electrical service systems of a building may be logically identified as:

Mechanical Systems
HVAC
Plumbing

Electrical Systems
Power
Lighting
Communication and Signal

Life-Safety Systems

These systems are basically equipment systems. Equipment components may be classified
as either rigid or flexible. A suggested definition of rigid equipment is a system having
a natural frequency greater than 12 hz, which is about the upper limit of amplification
for a floor mounted simple damped oscilator. Anchored rigid equipment transfers the
inertial (acceleration) forces directly to the anchor points. As discussed previously,
a study of the recorded building motion obtained during the 1971 San Fernando earth
quake from a sample of 49 instrumented high-rise buildings indicates that amplification
factors which range from 2 to 4 should be expected for peak horizontal and vertical
floor accelerations in the upper levels of a multi-story building. For base mounted equip
ment, the anchor points must resist the combined effects of both base shear and overturning
forces. In determining the overturning moment, the effect of vertical accelerations must
be considered. While an insert anchor can be installed which will resist such forces, the
connection of an anchor bracket to a minimum gage sheet metal enclosure can be difficult
and require localized stiffening. This problem can be avoided by restraining the equip
ment at the top by a diagonal brace or wall attachment. However, a diagonal brace
requires additional clearance adjacent to the equipment and if wall or partition attach
ment is considered, a nonstructural partition will not be capable of sustaining a large
attachment force.

A vast majority of mechanical equipment within a bui Iding is supported on vibration
isolation mounts to eliminate noise transmission through the structure. All major manu
facturers of vibration mountings offer an "earthquake mount" or "earthquake snubber"
restraints. Numerous articles and design details on this subject are available [8,33] ;
most have been published in trade magazines.

The support of tanks must be carefully considered, particularly vertical tanks on legs.

Mechanical service systems require extensive piping systems. It has been generally
observed that piping systems within a building sustain little damage despite significant
structural and nonstructural damage suffered by the building due to an earthquake. Earth
quake damage to piping systems, when damage occurs, is caused by excessive pipe move
ment and differential deflection between piping and connected equipment. Few pipes
are actually broken or sheared; most failures occur at fittings. Often failures occur due
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to excessive swaying of long pipe runs flexing smaller intersecting branch lines or short
vertical risers which are clamped to the structure. Ordinary piping systems are sus
pended from floor slabs with vertical hangers which, in effect, forms a pendulous system.
The frequency of this effective system is quite low which essentially isolates the piping
system from lateral inertial forces. This f1exibil ity, which is due to pendular behavior,
accounts for both the few instances of failure and the failures due to excessive displace
ments. Fire sprinkler systems are the only piping which in the pasthasbeen designed to
resist earthquake loading. Due to the few instances of damage to fire-sprinkler piping
caused by earthquake, it is often suggested that all major piping within a building be
braced in the same manner as sprinkler piping. Another criteria utilized is to place
braces at intervals such that the piping system moves with the slab from which it is sus
pended. This practice, required by code in some instances, is highly controversial
since problems with noise transmission and thermal expansion arise. A more reasonable
criteria would be to provide bracing only at points which would prevent the type of piping
failures which have been noted in earthquake damage surveys. This would require re
straining pipe runs in order to prevent overstress of branch lines or where piping changes
direction and passes through a fire-wall. Attention should also be given to the manner
in which the pipe riser weight is supported vertically. The above comments on piping
apply also to ductwork and conduit. Ducts must be prevented from excessive swaying
which can damage ceiling support systems. The crossing of building seismic joints by
piping, ductwork, and conduit should be avoided.

Lighting fixtures must be properly secured to the structure or architectural components.
Recessed light fixtures which are supported by exposed T-bar ceiling systems are potential
personnel hazards. Each fixture must have at least two independent hanger wires per
fixture at diagonal corners which are anchored to the floor slab above.

Electrical equipment is usually placed within sheet metal enclosures. The specif
ication and anchoring of such equipment requires careful attention. Often, the most
significant source of flexibility in equipment enclosures is due to local deformation of
the equipment base near the anchor points. In such cases, the dynamic behavior is
simply a rigid body rocking on effective base springs.

Elements of the life-safety systems such as emergency power, emergency lighting,
alarm systems, and smoke removal systems require concentrated attention during the de
sign process. These systems must be secure and functional after a major earthquake.
Emergancy battery rack failuresare one of the most common observations in post-earth
quake studies, yet the cost for strengthening and securing such racks are minimal.

Evaluation of equipment subjected to dynamic environments requires consideration
of operational and functional aspects as well as structural or enclosure strength. Unless
specific requirements have been included in equipment procurement specifications, the
ability of equipment to survive a dynamic environment, such as the building response to
an earthquake, will be quite uncertain. The basic information required for an evaluation
of flexible items are the equipment dimensions, sizes and arrangement of basic stress
(structural) resisting elements, anchor details, distribution of weight (mass), equipment
functional tolerances, and information concerning the previous dynamic environments
sustained by similar equipment (such as transportation).



BUILDING CONTENTS

Free-standing equipment is susceptible to sliding or overturning due to floor motion.
Since coefficients of friction vary widely, static friction cannot be relied upon to restrain
equipment and supplies. Experience has indicated that furniture, cabinets and unanchored
equipment within a building can undergo considerable displacement during an earthquake,
especially in the upper levels of a building. Large, rigid architectural components, such
as heavy artwork, heavy fixtures, shading devices, etc., must be anchored to the structure.
The Architect should provide recommendations to the owner for the restraint of heavy furn
ishings. Face bars on shelves are suggested. It should be noted that overhead mutual
bracing of shelves and cabinets is an expedient means of preventing tip-over. The at
tachment of shelving and cabinets to drywall partitions with toggle bolts is acceptable
for lightly loaded shelves. For heavy shelving, positive attachment should be provided
to the partition studs. Often, the distribution of weight on shelving is overlooked;
heavy or fragile items should be located in the lower half of the shelf. A comprehensive
study outlining restraint of hospital equipment, furniture, and supplies has been prepared
[35] .

CONCLUSIONS & RECOMMENDATIONS

1. An understanding of building response to earthquake ground motion is necessary for
nonstructural designers to prepare specifications for equipment manufacturers and
suppliers. The proper design of equipment anchorage and the interconnection of
nonstructural components within a building requires knowledge of the magnitude of
the forces induced in equipment and the deformations imposed upon the components.

2. Architectural designers need accepted criteria, consistent with structure types (i .e.,
frame, shear wall, box, etc.), so that adequate attention can be devoted to seismic
design during conceptual design development.

3. Additional research, including testing, is required to allow modeling of infill wall,
panel and interior partitions for incorporation in structural analysis procedures.

4. The development of code requirements which require dynamic testing to demonstrate
function of critical life-safety system equipment components should be encouraged.

5. Considerable information concerning nonstructural design provisions included in recent
designs is contained in design office files. Architects and consulting engineers should
be encouraged to publish this data.
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APPENDIX

TABLE 1: Extract from Title 17, Safety of Construction of Hospital, State of California

(l) Lateral Forces on Non-Structural Components.

Architectural, mechanical and electrical components and
systems in hospital buildings, essential equipment neces
sary for the complete functioning o£ the hospital operations
and critical components located outside of buildings shall
be anchored for lateral forces in accordance with Section
23l2(g), formula (12-8) and the exception thereto. Where
Cp in Table No. T17-23-J is less than 1.0 the product
of IS need not exceed 1.5. The values of Cp ,for the
anchorage of architectural, mechanical and electrica~

components and systems in buildings and critical components
outside of buildings shall be as set forth in Table No. 23-3
and Table T17-23-J.

Where the provisions of these tables do not specify Cp
values fox' the anchorage of particular components which
in the opinion of ~he Office of the State Architect should
be anchored to resist lateral forces for the safety of the
occupants, the office may assign Cp coefficients with the
advice of the architect or engineer based on coefficients
specified for similar components listed in these provisions.

1121

The design of mechanical and electrical equipment, machinery,
cabinets, etc., and the provisions incorporated in its manufacture
for anchorage to supports or connection to seismic restraints
should provide for these same laterai forces. However, the
Office of the State Architect will not review the design or
construction of such manufactured items except for their anchorage
to the building structure or to a supporting foundation.

TABLE NO. Tl7-23-J
Horizontal Force Factor "Cp" for Elements of structures

and for Anchorage of Non-structural Components

Direction Value ICategory of Force of Cp

1. Interior nonbearing walls and Normal to flat 0.20
partitions over 5 feet in height surface

2. When not part of a building and Normal to flat 0.20
over 5 feet in height, masonry surface
or concrete fences and walls

3. When part of a bUilding, Normal to flat 0.30
cantilever walls above the surface
ground floor (except parapets)

4. Penthouses (except Where framed Any horizontal 0.20
by an extension of the bUilding direction
space frame)



1122 TABLE NO. T17 - 23 - J
(Con't)

Any horizontal
direction

Any horizontal
direction

5. When connected to, part of, or
housed within a building:

(a) storage racks with the upper
storage level more than 5 feet
in height (plus contents)

(b) Floor supported cabinets,
files, and bookstacks more than
5 feet in ;leight (plus contents)

(c) Wall hung cabinets, shelving, Any horizontal
and television racks(plus contents) direction

0.20 2,4

0.20 2,4

0.20 2,4

(d) Suspended or surface
mounted light fixtures ~

(e) Piping, electrical conduit,
cable trays, and air handling
ducts: j

Any horizontal
direction

1.00

(1) Rigidly supported Any horizontal
direction

0.33 4

(2) Flexibly supported Any horizontal
direction

1.00 4,6

(f) Equipment and machinery
such as boilers, chillers,
pumps, tanks, cooling towers,
engines, generators, motor~,

air handling units, transformer~,

switchgear, and control panels:

4,6
1.00

4
0.33Any horizontal

direction
Rigidly supported
(fundamental period of
vibration of equipment
with its supports less
than 0.05 seconds)

(2) Flexible or fleXibly Any horizontal
supported direction

(1)

(g) Hospital equipment Any horizontal
permanently attached to bUilding direction
utility services such as:
Surgical, morgue and recovery
room fixtures, radiology equipment,
food service fixtUl"OS, and
laboratory equipment

4
0.20



Any horizontal
direction

TABLE NO. 117 - 23 - J
(Con't)

(h) Communication equipment and
emergency power equipment such
as motor generators, battery
racks, and fuel tanks necessary
for the operation of such equipment7

1123

1.00 4

6. Power-cable driven elevators or
hydraulic elevators with lifts
over 5 feet:

(a) Car and counterweicnt
gUides, guide rails and
supporting brackets and
framing

(b) Driving machinery operating
devices and control equipment:

(1) Rigidly mounted

(2) Flexibly mounted
(a fundamental period of
vibration of the installa
tion greater than 0.05
seconds)

Footnotes

Any direction

Any direction

Any direction

0.33 8

0.33 4

1.00 4,6

1. Cp shall be not less than the ratio of Fx/Wx for floor or roof
level under consideration. Wnere a dynamic analysis is used in
the design of the building, the forces so determined may be used
in the design of the elements or components with appropriate
resistance criteria. Where a dynamic analysis is not used the
minimum Cp values given should provide reasonable protection,
but the use of higher Cp values is suggested for unusually
important or expensive equipment or for equipment located in
the upper levels of multistory buildings. See Section 23l2(g)
and Section T17-2312(e) for maximum values of the product of IS
in formula (12-8).

2. Wp for storage racks, cabinets and bookstacks shall be the
weight of the racks plus contents. The value of Cp for storage
racks over two storage support levels in heighr shall be 0.16
for the levels below the top two levels.

3. Seismic restraints may be omitted from the following installations,

(a) Gas piping less than 1 inch inside diameter.

(b) Piping in boiler and mechanical equipment rooms less than
l~ inch inside diameter.

(e) All other piping less than 2~~inch inside diameter.
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TABLE NO. T17 - 23 - J

(Con't)

(d) All piping suspended by individual hangers 12 inches or
less in length from the top of pipe to the bottom of the
support for the hanger.

(e) All electrical conduit less than 2~ inch inside diameter

(f) All rectangular air handling ducts less than 6
square feet in cross sectional area.

(g) All round air handling ducts less than 23 inches
in diameter.

(h) All ducts suspended by hangers 12 inches or less
in length from the top of the duct to the bottom of
the support for the han~er.

4. The component anchorage shall be designed for the horizontal
"Cp" force acting simultaneously with a vertical seismic
force taken as one third of the horizontal "Cp" value used.

5. Suspension systems for light fixtures which have passed shaking
table tests approved by the Office of the State Architect of
which, as installed are free to swing a minimum of 45° from
the vertical in all directions shall be assumed to comply with
the lateral force requirements of Section T17-2312(l).

Unless of the cable type, free swinging suspension systems
shall have a safety wire or cable attached to the fixture and
structure at each support capable of supporting 4 times the
support load.

6. Because of the possibility ~ resonant response of flexible
equipment systems in the upper stories and roofs of buildings,
consideration should be given to the use of higher values of
Cp when the predominant period of response of structure and
equipment systems are the same or nearly the same. Under the
situation values of Cp twice as large as those indicated above
are suggested.

7. Emergency equipment should boe located where there is the least
likelihood of damage du~ to ~arthquake. Such equipment should
be located at ground level and where it can be easily maintained
to assure its operation during an emergency.

8. Wp for elevator cars shall be the weight of the car plus 0.4
times its rated load. The lateral forces acting on guide rails
shall be assumed to be distributed 1/3 to the top guide rollers
and 2/3 to the bottom guide rollers of elevator cars and counter
weights.



HOSPITALS

SUBMITTAL REQUIREMENTS

ANCHORAGE AND BRACING OF
MECHANICAL AND ELECTRICAL SYSTEMS

1. Provide complete seismic anchorage and bracing details
for the lateral and vertical support of piping, duct
work, conduit, mechanical and electrical equipment, etc.
as required by T17-23l4(d) (2). See Table T17-23-J for
applicable force factor "cp". consider the effect of
temperature change in the preparation of anchorage and
bracing details. Equipment anchorage details may be
submitted and approved subsequent to plan approval by
means of the "deferred approval" procedure, providing
the equipment and procedure are noted in the plans and
specifications.

2. The seismic bracing and anchorage of piping and ducts
may in part be specified by reference to "Guidelines
for Seismic Restraints of Mechanical Systems" (sheets
1 - 13), published by SMACNA and approved by OSA.
Details for systems excluded from this standard shall
be detailed on plans per note 1 above prior to approval
(no deferred approval).

3. The seismic bracing for fire sprinkler systems may be
specified by reference to NFPA No. 13, Installation of
Sprinkler Systems 1972. Anchorage of bracing to struc
ture must be detailed on plans (no deferred approval).

4. Provide details for piping, ducts and conduit that cross
structural separations between buildings or building
units. Note on plans the longitudinal and transverse
displacements that must be accoffino&.tedat each floor and
roof level separation (2 x sum of drifts). Refer to
T17-23l4(m) and aonsult with structural engineer for
drift criteria. Flexible connections which will accommo
date the specified displacements without damage shall be
detailed on the plans prior to approval (no deferred
approval).
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APPENDIX TABLE 2: Extract of 1976 Unifonn Building Code

tg) Lateral Force on Elements of Structures. Parts or portions of struc
tures and their anchorage shall be designed for lateral forces in ac
cordance with the foilowing formula:

F;, = ZIC"SW" (12-8)

EXCEPTION: Where Cp in Table No. 23-J is 1.0 or more the value of I
and S need not exceed 1.0.

The distribution of these forces shall be according to the gravity loads
pertaining thereto.

(h) Drift and Building Separations. Lateral deflections or drift of a
story relative to its adjacent stories shall not exceed 0.005 times the story
height unless it can be demonstrated that greater drift can be tolerated.
The displacement calculated from the application of the required lateral
forces shall be multiplied by (1.0/K) to obtain the drift. The ratio (1.0/K)
shall be not less than 1.0.

All portions of structures shall be designed and constructed to act as an
integral unit in resisting horizontal forces unless separated structurally by
a distance sufficient to avoid contact under deflection from seismic action
or wind forces.

(k) Essential Facilities. Essential facilities are those structures or
buildings which must be safe and usable for emergency purposes after an
earthquake in order to preserve the health and safety of the general public.
Such facilities shall include but not be limited to:

1. Hospitals and other medical facilities having surgery or emergency
treatment areas.

2. Fire and police stations.
3. Municipal government disaster operation and communication

centers deemed to be vital in emergencies.
The design and detailing of equipment which must remain in place and

be functional following a major earthquake shall be based upon the re
quirements of Section 2312 (g) and Table No. 23-J. In addition, their
design and detailing shall consider effects induced by structure drifts of
not less than (2.0/K) times the story drift caused by required seismic forces
nor less than the story drift caused by wind. Special consideration shall
also be given to relative movements at separation joints.

TABLE NO. 23·K
VALUES FOR OCCUPANCY IMPORTANCE FACTOR I

TYPE OF OCCLJPA\!CY

["entiaJ Facilities

Any building \I·here the primary occupancy
i, for a"cmbly usc for more than 300 persons
(ill Olll' rool11)

AII"thcr,

Sec Section 2312 (k) for definition and additional requirements tor e"entiat
facilities.

1.5

1.25

1.0
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PROBLEM OF DAMAGE TO NON-STRUCTURAL COMPONENTS
AND EQUIPMENT : WALLS AND STAIRS

by G H McKenzie
Assistant Chief Structural Engineer

New Zealand Ministry of Works and Development

INTRODUCTION

In a modern earthquake resistant building damage in earthquakes is more
likely to occur to non-structural components than to the structure. In many
cases these non-structural components represent a large portion of the total
value of the building, and, consequently measures to lessen the extent of such
damage will have a worthwhile effect on reducing the monetary loss caused by
earthquakes. Damage to non-structural components is also likely to represent
the major riSk to life, if the structure is adequately designed against earth
quakes. Exterior cladding components breaking loose and falling down the face
of a high rise building present an obvious risk to life, while pieces of masonry
fire walls and other components falling into stairwells and other means of
egress are liable to cause death or injury, and are liable to impede the evacu
ation of a building.

Most types of modern buildings are very susceptible to non-structural
damage, because they are generally flexible structures with low damping valves
and they are designed to sustain large excursions into the inelastic range when
responding to the largest earthquakes. Even shear wall buildings are likely
to sustain large interstorey deflections in the upper levels, where the angle
of deflection from the vertical is large, and, although elements very close to
the shear walls may be protected by the walls against deformation, frames
running parallel to the walls will be subjected to large deformations, and non
structural elements on or near such frames lines are likely to be severely
damaged.

Good seismic design and detailing of the non-structural components can
greatly reduce the likely level of damage, and the extra cost involved is
usually comparatively small.

SCOPE OF STRUCTURAL ENGINEER'S RESPONSIBILITIES

If the problems in this field are to be adequately dealt with, it must be
accepted that the structural engineer has responsibility for the nO~-5tructural

components, as well as for the structure, and the professional fee structure
should be based accordingly.

In some countries the structural engineer's fee is based almost solely on
the value of the structure, and he is likely to receive inadequate reimburse
ment for any work he does on the non-structural elements. The scope of the
considerations which he has to take into account is extensive, including the
avoidance of unnecessary expense and concerns of the architect, such as avoid
ance of unsightly details where provision for large movements has to be made,
and waterproofing of movement joints in exterior cladding. Close co-operation
between structural engineer and architect is essential if details are to be
produced that will satisfy the needs of both.



REDUCTION OF RESPONSE MOVEMENT

The problems involved and the cost of measures to minimise non
structural damage could be reduced if the magnitude of the interstorey
response deflections were made lower.

The first approach which one examines is that of stiffening the building
structure. Unfortunately, this also results in higher seismic forces, both
on the structure and on the non-structural components and their fixings. On
low buildings, with a height to width ratio of one to one, changing from a
frame structure to a shear wall structure can considerably reduce response
deflections. However, on higher buildings even shear wall structures can
show large deflections in the upper stories, even with height to width ratios
as low as 2 to 1.

The approach which appears likely to offer the best prospects in the
future, is that of incorporating energy absorbing devices in building
structures. This is still in the experimental stage of development, but we
are designing our new Wellington District Office building with such devices
included in the structural system. Their effect is totally beneficial,
because they lengthen the response period of the building as a whole but re
duce the interstorey deflections and response forces at all levels above that
of the devices. In justifying to clients the extra cost of the energy ab
sorbers by presenting corresponding cost benefits, the engineer can cite
reduction in the cost of seismic provisions for non-structural components, as
well as reduction in cost of the structure due to lower seismic forces.

CLEARANCE FOR SEISMIC MOVEMENT

The first line of defense against damage to non-structural components
is to provide adequate clearance for the computed relative seismic response
movement, both at the fixings and around the margins of the components where
they are adjacent to other elements.

Basis for Computed Deflection

This immediately brings up the question of what the basis for the com
puted deflection is. The deflection computed for the design earthquake
loading will be slightly less than that corresponding to yield point stresses
in potential hinging areas in flexural members. However, a dectile struct
ure will be designed to respond in the inelastic range to major earthquakes,
and its maximum response may be more than 4 times the deflection causing
general flexural yielding. The desirable criteria for clearances is thought
to be that

1 They should avoid damage in the moderate earthquakes which may be
expected several times in the life of a building.

2 They should limit damage in the most severe earthquakes and should
avoid loss of life.

3 They should prevent non-structural components from having adverse
effects on the seismic properties of the structure.
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New Zealand Code Provisions for Seismic Movement

The New Zealand Code of Practice for General Structural Design and Design
Loadings for auildings, N.Z.S. 4203:1976, requires non-structural components
in ductile structures to have clearances for releative movements corresponding
to the deflection of the structure under an applied horizontal load of

2.0 CI

Cd

2.0 CI Wt

where C is the basis seismic coefficient corresponding to the seismic
zone and the period.

I is the importance factor, which varies from 1.0 to 1.6

Cd is the design seismic coefficient, and is given by:

Cd CISMR.

S is the structural type factor, which varies from 0.8 for the
most ductile type of frame structure to values greater than 2
for some diagonally braced structures.

M is the structural material factor which varies from 0.8 for
structural steel to 1.0 for reinforced concrete and 1.2 for
reinforced masonry.

Hence the deflection of the structure which has to be provided for is
twice that which would be produced by the basic seismic coefficient weighted
by the importance factor. The structural type factor and the material
factor are not taken into account in calculating the deflection, because it
is assumed that the constant displacement hypothesis approximately applies.
i.e that the total of elastic plus inelastic displacements is independent of
the level of load at which the structure goes into the inelastic range and
the ductility factor capacity of the structure.

N Z S 4203 requires that, where inter-storey deflections, calculated as
above, exceed 0.0006 of the storey height, non structural elements shall
have clearances provided for the calculated deflections when they come into
the following categories.

a) Elements, such as stairways, rigid partitions, and infillings, that are
capable of altering the intended structural behaviour.

b) Precast concrete claddings and other claddings of similar mass.

c) Glass windows and other rigid brittle exterior claddings, except in the
case of claddings on class III buildings in seismic zone C that in the
case of failure cannot fall through a height greater than the storey in
which they were installed.

The separation provided for the above categories shall not be less than
12 mm between vertical surfaces of structure and element.

The calculated inter-storey deflections must not be more than 0.010 of
the storey height in any case.



PROVISIONS FOR THE PROBABLE MAXIMUM EARTHQUAKE

Limitations of New Zealand Code clearance provisions

Dynamic response calculations will fairly quickly disclose that the New
Zealand code provisions do not require large enough clearances for the probable
maximum earthquake level. For example, in typical six storey building with
ductile shear wall structure, the maximum inter-storey deflection under design
load was 0.1 inches. The clearances required by the code would provide for an
inter-storey deflection of 0.1 inches x 2/1.2 = 0.16 inches (since S for single
cantilever ductile shear walls is set at 1.2 by the code) • However, the in
elastic response displacements computed for the building for 30 sec. of the
artificial A2 earthquake record gave maximum inter-storey deflections of ~ inch,
approximately three times the deflection which the code clearances would provide
for. Investigations of ductile frames and ductile coupled shear walls gave
similar results.

Other effects and contingencies could make the code clearances even more
inadequate. For example, in the plastic hinge area, full scale tests have
resulted in the formation of open cracks up to ~ inch wide. If the fixings
for a component were on either side of such a crack, the crack width would add
to the clearance requirement. Again, defects in workmanship, such as not
centering components between clearances in opposite directions br allowing
architectural finishes to partly fill clearance gaps, can reduce effective
clearances below the design levels.

Measures to Provide for Movements Greater than Code Clearance Requirements

It is apparent from the above that the clearance requirements in the New
Zealand code will provide for small displacements into the inelastic range in
medium earthquakes, but will be inadequate for high intensity earthquakes.
Hence, additional measures are required to cater for the larger displacements
that occur in more severe earthquakes. These can be classified under the
following two main ogjectives, (a) avoiding adverse effects on the seismiC
properties of the structure, and (b) minimising damage to the non-structural
components and resultant risk of injury and loss of life.

Measures to avoid adverse effects on the seismic properties of the structure

These are of primary importance, because failure to take such measures
could seriously reduce the effectiveness of the seismic provisions in the main
structure. Even sacrificial measures, such as reducing the strength round the
margins of infill panels, would be justified as a last resort in some situa
tions in this category.
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Examples of such situations are shown in fig 1 and fig 2. In fig 1,
infill panels in the upper storeys cause all the ductility demand to be con
centrated in the bottom storey, with very large plastic hinge relations re
sulting in that storey, and make conditions even worse by forcing a column
hinge mechanism. In fig 2, an isolated infill panel sets up shear failure
conditions in adjacent columns at points A and B. Panels that do not go
full storey height can also have serious effects. In fig 3, the effective
storey height of the column available to absorb the inter-storey deflection
in bending has been reduced to CD. This induces very severe hinge rotations
in the column, places the lower column hinge at a level where there is no
confining reinforcement and may make the column weaker in shear than in
flexure. In fig 4 it can be seen that a large window opening will result in
a similar situation, with the effective storey height of the column in flexure
being reduced to EF •

...JI L .JIlL

~li:ji::il;1 [ :j~i?·;··!~1 [
II

fig 3

r II
fig 4

r

A different type of undesirable condition occurs where stiff panels are
placed very unsymmetrically and severe torsion effects can result.

It is obvious that there is a variety of detail arrangements which can
result in adverse effects on the structure and the designer must use his
imagination and keep on the alert to recognise these. Problems in this cate
gory are usually associated with masonry infill panels, although occasionally
stairs with inadequate clearances may have undesirable effects on adjacent
structural members.

Measures to remedy such effects can include one or more of the following:

a) Change the material of the wall from masonry to one with more flexibility.
For example, for exterior wall claddings use narrow vertical precast
panels or curtain walls with clearances in the light metal framing sections.

b) Arrange the form of the building, so that the panels are kept outside the
lines of the frames as far as possible. For example, exterior walls can
be arranged to run completely outside the columns or completely inside
them.

cJ Use details which will allow considerably more than the calculated move
ments, such as a channel that the wall can slide along for the top fixing
and a deep channel that the wall can slide into at each end of the panel.

d) Introduce vertical joints into each panel, to break it up into vertical
strips which will not have sufficient strength and stiffness to cause
damage to the structure.



Measures to Minimise Damage to Non-Structural Components

These include some of the measures listed in the previous section to pro
tect the structure from adverse effects. One of the most important require
ments is to have ductile fixings which can accommodate movements greater than
those for which clearances have been provided by yielding without breaking.
Heavy exterior cladding panels and pieces of window glass must be prevented
from breaking loose and falling, to the danger of people in the street below.
Similarly, pieces of non-structural components must not break loose in a posi
tion that allows them to fall into stairwells and egress corridors. Fire
rated walls must, as far as is practical, retain their fire rating after the
earthquake. Some damage to waterproofing of joints between exterior cladding
components can be accepted in a severe earthqUake, but the water-proofing com
ponents must be readily accessible for repair.

Seismic provisions to minimise damage are dealt with more specifically
in the next section on component details.

COMPONENT DETAILS

Exterior Cladding Panels

In general simpler details can result and larger inter-storey deflections
can be accommodated if the exterior panels are not located on the lines of the
columns, because relative movement between each column and adjacent panels does
not have to be provided for.
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Fig 5 illustrates the system where the bottom of each panel is bolted to
the floor below, while the top is free to slide in a channel running in the
plane of the panels, which is fixed to the underside of the floor or beam above.
The connection details have enough clearance or flexibility to allow the panels
to rock at right angles to their plane, for that movement component.

Fig 6 illustrates the system where the bottom of each panel has a con
nection which acts as a pivot for movement in the plane of the panel, and the
top connections are equivalent to a pivot connection to the floor above.
Thus the panels remain parallel to each other as they move.
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It is obvious that the system of fig 5 will involve large relative
horizontal movements between the vertical edges of adjacent panels, between
panels and adjacent columns, and at corners between the end panels running
in the two different directions. This will tend to cause damage at the
vertical edges of panels, it will impose severe conditions on the weathering
components across the vertical joints, and it will tend to cause damage at
corners of exterior walls. Calculations indicate that in some conditions
the deflection 6 between adjacent panels can be more than twice the. inter
storey deflection. It is also obvious that the system is not suitable for
walls that run along column grid lines, infilling the spaces between columns.

The system of fig 6, on the other hand, involves practically no relative
horizontal movement between adjacent vertical panel edges or between adjacent
panels in different planes at building corners. The weathering components
across the joints will only have to withstand a vertical sliding movement
parallel to their height, which will involve practically no damage to a suit
ably designed system. Further, the relative horizontal movements between
columns and adjacent panels are small, so the system would perform reasonably
well for walls that run along column lines.

~ M 20 pin

I I I

I -I

17 980 17

rA ~

- .-+ ~

M 20 pin

FIG. 7

127)( 127)(10 L
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Fig 7 and sections A-A and B-B show typical details for the panels and
connections for the system of fig 6. The panels are vertically supported
by the centre fixing at the bottom, and are laterally supported by pins at
the four corners, which allow the panel to rotate in its own plane. To
facilitate erection, the metal connections for the pins are initially provided
with oversized holes, but after rection and adjustment, close fitting washers
are placed over the pins and welded in position.

The weathering problems are minimised if floor slabs project beyond the
exterior faces of the slabs. A concrete upstand immediately behind the
panel provides a weathering rebate at the bottom, while a channel or flashing
on the underside of the floor above leads the weather down the exterior face
of the panels. This weathering system is not liable to damage by panel
movement.
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For the system of fig 5, the upper channel should be positioned below the
level of any transverse bearns, to avoid the complication of providing for
horizontal movement relative to vertical beam faces. Storey claddings above
that level are fixed to and move with the upper storey. The bottom connection
details should give some freedom or flexibility for yielding both vertically
and horizontally. If deformation of the beam below forces the tops of adjacent
panels into contact, further movement could strain the connection upward,
requiring vertical yielding, while cracks opening in the beam hinge area could
cause horizontal movements between connections. Panel connections generally
should be ductile and capable of being strained into the yield range without
failing in shear or in the anchorage to the structure or the anchorage to the
panel. The most dependable form of anchorage to the panel is to weld the
connection to the panel reinforcing bars or provide a positive fixing between
connection and reinforcement.

It is not desirable to depend for support of vertical panel loads on bolts
in shear, if the same bolts can be deformed laterally by seismic movements.

Weathering components across joints need to be appropriate for the type
of movement. Those depending on the bending and unbending of a fold can
perform well for lengthening and shortening of the joint gap, but give no
freedom for relative vertical sliding movements. If the components are
liable to require repair or replacement after a severe earthquake, they should
be readily accessible.

Exterior Glass Cladding

Window assemblies can be given freedom for large movements in their plane
if they are fixed to the floor below along their bottom margin and slide freely
in a channel at their upper margin. ~he channel supports the window assembly
laterally against loads at right angles to the plane of the windows. For
inter-storey deflections at right angles to the plane of windows, the assembly
follows the deflection by rocking, and the bottom fixings and the top channel
have clearances or flexible packings to allow this rocking. The channel is
fixed below the underside of any transverse beams, and all the glass cladding
above this level is fixed to the floor above. This avoids troublesome details
for providing clearance for horizontal movement relative to vertical faces of
beams.

If the window plane runs into columns or other vertical members, prov~s~on

for the horizontal movement of the vertical margin of the window assembly can
be made by using vertical light metal sections which incorporate channels that
the window frame can slide in and out of.
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Fairly neat details can be provided in this
extra cost and waterproofing problems can arise.
try to avoid placing windows on column lines, in
for large clearances to vertical elements.

manner, but they involve
It is still preferable to

order to eliminate the need

Provision of clearance between the glass and the window frame is an
important source of freedom for movement for window assemblies. It can be
relied upon if neoprene or other elastomeric window gaskets are used, but if
ordinary glazing putty is used, the freedom for movement will progressively
reduce as the putty hardens with age. Th~s clearance is always desirable,
even if the sliding channel top fixing is used, because there are other
sources of in-plane deformation in window assemblies, such as deflection and
plastic hinging of the beams supporting the floor below.

Interior Walls

One of the main problems in providing for inter-storey movement in in
terior partition walls is that there is usually a large number of right
angle intersections between walls. Having the top of a partition held
laterally by a channel in which it can slide would work well for a wall
running in one direction, but the system presents difficulties for walls
intersecting at right angles. Each wall accommodates the inter-storey de
flection component normal to its plane by rocking in that direction, and the
resultant relative movement between intersecting walls can be in any hori
zontal direction, which makes it very difficult to provide satisfactory
junction details. The writer believes that a vertical light gauge rectangu
lar hollow aluminium section at the junction, connected at the bottom to the
floor below and at the top to the floor above may provide a solution, with a
sliding fit channel enclosing the end of each of the intersecting walls.

4'-6"min 4'-6"min

t
Movement
of slab
above

Movement
Oft"t"par I Ion

(a) (b)

The post would always remain in the plane of each wall, even when both walls
rocked, and each channel attached could slide horizontally over the wall end
that it enclosed, to accommodate the corresponding component of inter-storey
deflection. However, the detail is fairly expensive and would not please
all archi tects.

In one building, a good economical solution was found by fixing the
partitions solidly together at the intersection and placing the angle brackets
for top lateral support 4'6" away from the junctions, thus allowing the parti
tion to bend out of its plane.



Tests showed that, for this distance to brackets, a deflection of the
partition of l:l" could be obtained without any damage to the partition, which
was lined both sides with l:l" particle board. The arrangement is shown in
fig 8.

Once again, the simplest details result from making the level of sliding
support at ceiling level, below the undersides of all beams, to eliminate the
complication of trimming for movement against vertical faces of beams.
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Fig 9 shows a system which satisfies practically all movement requirements
for a light type of partition. The wall is made up of fairly narrow vertical
sheets of gypsum, faced with vinyl on both sides. The sheets are laterally
supported along their vertical edges by vertical extruded aluminium members
which are fixed at the top to the floor or ceiling above and at the bottom to
the floor below. The advantage of this system is that all wall elements in one
wall rock through exactly the same angle as all wall elements in any wall runn
ing at 90 degrees to the first wall. Hence there are no problems at wall
corners or tee junctions, and even where wall junction with columns the relative
movement is sliding in the plane of the wall, which involves simple trimming
details.

Where partitioning can conveniently form an assembly of rigid boxes, a
good solution can be provided by connecting the partitions and ceilings to form
rigid boxes. These boxes follow the movement of the floor below, and the only
connections to the floor abcve are flexible vertical hangers to take the verti
cal load of the ceiling. This eliminates all relative movements between ele
ments of the boxes and makes for simple detailing and little seismic damage.
Clearance does have to be provided round columns where they pass through the
ceilings, but the details involved are simple. However, if any of the walls
run into columns, awkward detailing can arise, due to the necessity to provide
for relative horizontal movement in any direction, and it will be advantageous
to keep walls off column lines where possible.

The box system described above is certainly the most attractive solution
for concrete or reinforced masonry partitions. Where walls of the boxes
intersect rocking exterior walls, dowelled connections across a movement gap
to the exterior wall can be used, and trimming details to cover the gap are
simple.
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The box system is also a good solution for fire rated walls round stair
wells, as it avoids the necessity for having open gaps for movement which might
lower the fire rating. The only movement joint required is a horizontal slid
ing joint right round the box, which can be detailed to a good fire rating
standard. The joint can be against the underside of the slab above, or can
be at the level of the underside of the beams. In the latter case, a shallow
box connected to the floor above extends down to the movement joint, and lines
up with the lower box extending up from the floor below. This has been used
by our designers for timber framed fire walls which are sheathed with fire
rated sheets of duratherrn.

A typical fire rated shear movement joint detail is a ~ inch horizontal
gap packed with asbestos rope. On one recent building the gap was filled
with a ~ inch thick strip of fibrous gypsum plaster, with the top surface
graphite coated.

Where a column comes on the line of a fire-rated wall, prOV1S10n for
movement is difficult. The movement gap must be packed with a fire-rated com
pressible filler that has a low resistance to compression and can elastically
spring back to its former volume.

Of the materials that we have investigated to date, the most suitable
appears to be Kaowool, a ceramic fibre, but we have to carry out further tests.

Where reinforced masonry or concrete walls run along the line of a frame
beam below, the bottom connections of the wall should preferably be by sliding
vertical dowels rather than anchored starter bars, unless the wall panels have
been specifically designed to act as part of the structure.

stairs

Stairs tend to act as diagonal bracing between floors, and can have damag
ing loads induced in them by inter-storey deflections. Hence effective pro
visions to free them must be made.

One architecturally attractive solution is to design stairs as two flight
or three flight free-standing staircases, spanning from the floor above to the
floor below as a self contained structure, without any outside support to the
landing. The flexibility for inter-storey movement at right angles to the main
flights must be checked.

The arrangement most frequently adopted is to put a separation gap through
the mid storey height landing, so that each half of the landing is connected to
only one flight of stairs. The support for the vertical load of the landing
is arranged so that the landing is free to move laterally. Such support can
be by flexible hangers, flexible struts or sliding support on a beam.

Where a stairway consists of single flights between floors, each flight
can be fixed at one end by a movement gap and sliding support, or freed at the
top end by providing fle~ible strut support.

\
Separation gaps can be covered by metal plates with provision for sliding.



CONSTRUCTION PROBLEMS

Provisions for seismic movement involve features that are contrary to
normal trade practice.

If the site work force do not understand the reasons for some of the
details, they are liable to place packers in movement gaps, connect elements
that move relative to one another by fixings and lock up sliding joints with
sealers. We have adopted the practice in recent jobs of including explana
tory notes with the specification, setting out how the various separation
provisions are intended to work.

CONCLUSIONS

The non-structural portion of a building requires seismic design.
This can require a very large amount of design effort, and should not be
regarded as less important than the design of the structure. Poor design
of the non-structural components can result in very costly damage, risk to
life and even adverse effects on the structure. Minimising damage potent
ial requires a high level of co-operation and understanding through the
whole design and construction period between engineer, architect and site
construction forces.
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INTRODUCTION

General Goals and Current Practice of Earthquake-Resistant Design

The general philosophy of earthquake-resistant design for buildings other
than essential facilities has been well established and proposes to (1)
prevent nonstructural damage in frequent minor earthquake ground shakings in
the service life of the structure, (2) prevent structural damage and minimize
nonstructural damage in occasional moderate earthquake ground shakings, and
(3) avoid collapse or serious damage in the rare major earthquake ground
shakings. This philosophy is in complete accord with the concept of compre
hensive design [1], but current design methodologies fall short of realizing
its objectives.

Although it is recognized that for buildings located in regions near
active faults where there is the possibility that very severe earthquake
ground shaking might occur during the service life of the structure, the most
critical limit states are the ultimate, most of the seismic-resistant design
procedures presently used in practice are based on (1) the use of equivalent
(or effective) static seismic lateral fdrces defined at service or first
significant yielding level, (2) determination of internal design forces by
linear-elastic analyses, and (3) proportioning of members using either working
(service) stress methods or by considering the ultimate strength of their
critical sections. Only recently has design practice in regions of high
seismic risk begun using procedures based on ultimate limit states, focussing
on safety against collapse of the main structure as the controlling ultimate
limit state. Reference 1 discusses the desirability of introducing into
seismic-resistant design practice a new group of limit states based on damage
ability to bridge the serviceablity and collapse limit states.

The authors believe that structural design should be based on the limit
state that actually controls it. If an ultimate limit state (damageability
or collapse) controls the design and a fictitious linear-elastic limit state
is adopted for preliminary design, the resulting design should be checked at
ultimate states using realistic models.

The advantages of developing a design method based on two failure stages
have been discussed by Sawyer [2], and for simple structures subjected to
standard loading a design method based on two behavioral criteria (collapse
and loss of serviceability) and on four optimizing criteria has been developed
by Cohn [3]. Application of the latter method to the seismic-resistant design
of ductile moment-resisting steel frames seems feasible and practical [4].

The ultimate objective of the designer is to have an economical,



serviceable, and safe buildillg. To achieve this aim, an efficient preliminary
design is necessary. Sophisticated and efficient computer programs recently
developed for the analysis of complex structures do not necessarily guarantee
an efficient design, particularly for the case of seismic-resistant design.
Regardless of how sophisticated the computer programs are, repeated analyses
of a poor preliminary design will usually only lead to an improved "poor
final design."

Recognizing the importance of the overall design concept and the need for
a sound preliminary design, the authors have developed the seismic-resistant
design procedure described herein. It should be emphasized that the proposed
procedure has been developed for the design of R/C framed structures of
buildings located in regions near active faults where there is the possibility
that very severe earthquake ground shaking might occur during the service life
of these buildings.

Main Objectives of Proposed Design Procedure

The principal objective of this procedure is to develop the most economi
cal and practical design consistent with serviceability requirements under
all possible service excitations--a design which will at the same time mini
mize economic losses due to damage (primarily nonstructural) and minimize
the danger of collapse under a possible, but highly unlikely, severe earthquake
ground shaking.

The procedure should be versatile enough to permit the inclusion of new
and more reliable data as they become available as well as new design require
ments and/or practical design constraints.

In addition, the procedure should be automated as much as possible to
produce a preliminary design in a relatively short time.

The proposed seismic design procedure was developed specifically for R/C
ductile moment-resisting frames. It represents an extension of the procedure
developed by Bertero and Kamil [4] for steel frames. To achieve the above
objectives, the procedure developed employs a computer-aided iterative tech
niqe in five basic steps which are carried out in two main phases: a pre
liminary design phase and a final design phase. In this paper great emphasis
is placed on the preliminary design phase

GENERAL DESCRIPTION OF DESIGN PROCEDURE

Preliminary Design Phase

The objective of this phase is to obtain efficiently a preliminary design
which is as close as possible to the final "optimum" design. This is deemed
essential in obtaining a true optimum design. The preliminary design phase
consists in three basic steps, which form an iterative loop to be repeated
until an acceptable design is obtained. These steps are preliminary analysis,
preliminary design, and analyses of the preliminary design.
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Preliminary analysis--The final objective of this first step is to obtain
the design story shear forces. To this end, the given data regarding the
function of building and building site are studied in order to establish ser
viceability, damageability, and safety requirements and to select a realistic
design earthquake. The design earthquake is best defined by a smooth ground
spectrum. An inelastic design spectrum is then constructed by selecting
appropriate damping ratio and displacement ductility factors. Finally, the
design story shear forces are obtained from the inelastic spectrum by a modal
superposition analysis based on estimated values of periods of vibration and
mode shapes. Expected P-~ effects are estimated and included in the design
story shears.

Inherent in the use of the modal analysis technique is the assumption
that a sufficient number of plastic hinges form simultaneously to transform
the frame into a mechanism. In other words, the frame is assumed to behave
as an elastic, perfectly plastic, single degree-of-freedom system (Fig. 1).
The likelihood of this happening, especially in response to an earthquake
excitation, is very small. First, it should be recognized that the propor
tioning of members is based on envelopes of internal forces that include all
possible load combinations. Thus, design of the different critical regions
must be governed not only by different load combinations, but also by forces
that do not occur simultaneously. In addition, during an earthquake ground
motion plastic hinges typically migrate from the lower to the upper stories
during the response. Many of the plastic hiI~es which formed in the lower
stories during initial stages will close before a sufficient number of hinges
can form in the upper stories to transform the structure into a mechanism.
Because the plastic hinges form gradually, the change in stiffness at "yield"
is more gradual than in the idealized case, and a more realistic generalized
force displacement relationship would be that indicated by the dashed curve
in Fig. 1. As indicated in Fig. I, overstrength would be expected not only
because of the gradual hinge formation, but also due to the fact that actual
member yielding strength will be different from the computed required design
capacity (typically greater) because of the finite number of combinations
of member sizes and reinforcement arrangements, and due to strain-hardening
of the reinforcement.

Preliminary design--The preliminary design consists of a story-wise weak
girder - strong column limit design using an optimization procedure. Linear
programming techniques are employed to find the beam design moments which
minimize an objective function proportional to the required volume of flexural
reinforcement. The beam design moments must satisfy equilibrium constraints
derived from the kinematic theorem of simple plastic theory. Additional con
straints are imposed to include serviceability requirements and practical
design considerations. The merit function combined with the equilibrium,
serviceability, and practical constraints comprise a standard linear program
ming problem. A solution for the beam design moments is obtained using a
Simplex algorithm. The beams are then proportioned to provide these design
moment capacities and the columns are subsequently designed to satisfy the
weak girder--strong column design criterion. The member sizes and reinforce
ment are found by using a computer program which is based on the 1973 UBC
[5] ultimate strength requirements for reinforced concrete members.

An iterative loop exists within the preliminary design step (Fig. 2).
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Analyses of Preliminary Design--In this
final step the preliminary design is analyzed to
determine if it is acceptable. The dynamic
characteristics of the designed structure are
determined using standard procedures and are
compared with those selected in the preliminary
analysis. The behavior under service load condi
tions is determined to check serviceability
requirements.

An inelastic static analysis of the designed
frame subjected to the lateral force pattern
corresponding to the seismic design story shears
is carried out to determine displacement ductili
ty factors and static overstrength factors and
to locate any apparent weaknesses in the design.
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Finally the structure's response to different
earthquake ground motions is obtained using a
nonlinear dynamic analysis program. In this
program all members are represented by a two
component element which effects an elasto-plastic
moment curvature relationship with linear strain
hardening. The p-6 effect, the influence of
axial force on the column yielding strength, and
the influence of the floor slab on the frame
stiffness are included in the analyses.

Unfortunately both the static and dynamic
nonlinear analyses programs used in the current
study are limited to the analysis of the planar
behavior of frames. Consequently a three-dimen
sional structural analysis of the entire struc
tural system, which would include torsional
effects, cannot be carried out with these pro
grams.

Maximum values, as well as time histories,
of the main dynamic response parameters are examined to determine if they are
acceptable with respect to: (1) the established design criteria for damagea
bility and safety; (2) known member deformation capacities; and (3) the
assumptions made in the first step (preliminary analysis).

If these analyses prove that the designed structure meets the established
design criteria (that the design characteristics are similar to those assumed
in the preliminary analysis, and that the required inelastic deformations are
compatible, that is, can be developed by the members), then the preliminary
design process is complete, and a final optimum design is attempted. If any
characteristics of the designed structure are unacceptable, the design is
modified, either by starting at the first step or by making the adjustments
necessary to eliminate the observed shortcomings.
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Final Design Phase

The final design phase consists of two steps. In the first step a final
optimum design is obtained. The design procedure is similar to that employed
in the preliminary design phase, with the exception that a more sophisticated
subassemblage is used in the formulation of the optimization problem. The
seismic design forces are determined from the inelastic design spectrum by
using the dynamic characteristics of the accepted preliminary design. As in
the preliminary phase, a weak girder-strong column design criterion is estab
lished. In the second step, the optimum design is analyzed to evaluate its
overall reliability under service and ultimate loading conditions.

Summary of Design Procedure

A flow chart of the design procedure is shown in Fig. 3. The steps in
the preliminary design phase are repeated until an acceptable preliminary design
is obtained, at which point the final optimization it attempted.

The proposed design procedure will be illustrated by presenting a detailed
discussion of the design of a ten-story three-bay frame (Fig. 4). Throughout
the presentation emphasis is placed on the methodology of the design procedure
rather than on detailed computations.

l
1. PRELIMINARY ANALYSIS

Objective: Determine Design
Loads

Determine Gravity and
Wind Loads

b. Select Design Earthquake
(Response Spectra)

Select Dynamic
Characteristics
(T1 , ~. lJ, T1/Ti , 4>i)

d. Establish Design
Criteria (C

y
' R)

Estimate Seismic
Design Forces

PRELIMINARY DESIGN PHASE

2. PRELIMINARY DESIGN

Objective: Determine Member Sizes
and Reinforcement

Linear Programming Problem
Find: Mj.c. 0 j = 1.N

Such that;

i = 1.NEQ

IMj I 2 ffij

0.5 IM;I ~ IM;I ~ IM;I

IMspan I 2 0.25 !l1support I
111;1 $ jMjUEI

IM;I 2 FAC'IMJabovel
and YjMj is minimized

b. Beams Designed to Provide Mjj

Columns Designed to Satisfy
Weak Girder - Strong Column
Criterion

11. FINAL DESIGN

3. ANALYSIS OF PRELIMINARY DESIGN

Objective: Determine Acceptability
of Design

Elastic Analyses

b. Nonlinear Static Analyses

Nonlinear Dynamic Analyses

d. Compare Results Hith
Design Criteria

rACCEPTABILITY CHEC~

if yes

FINAL DESIGN PHASE

5. RELIABILITY CHECK

Objective: Determine Reinforcement Objective:
Distribution

A Refined Optimization Problem is
Formulated and Solved

Evaluate Reliability of Final
Design and Obtain Guidelines
for Design Detailing to Insure
a Ductile Structure

FIG. 3 SUMMARY OF DESIGN PROCEDURE
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PRELIMINARY DESIGN PHASE

General Design Criteria

As already noted, the objective of the preliminary design phase is to
efficiently obtain a design whicn-is as close as possible to the final desired
design. In seismic-resistant design, the following general design characteris
tics are considered desirable.

1. A weak girder-strong column design should result. In other words,
it is desired to force inelastic deformations to occur in the girders and to
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limit as much as possible the inelastic deformation demands in the columns.

2. Abrupt transitions in mass, stiffness, strength, and ductility
should be avoided throughout the height as well as the plan area of each
story of the structure. If a change in stiffness is necessary, for example
when the beam or column size is changed, a corresponding change in strength
should be included in the members in this area. This is required to prevent
early yielding in a particular region which might result in large localized
inelastic deformations and create the possibility of a failure, as defined
by the damageability or ultimate limit states. The importance of a smooth
transition in stiffness and strength cannot be overemphasized.

The above characteristics have been established as design criteria in
both the preliminary and final phases of the design procedure.

Preliminary Analysis

The objective of this step is to obtain the lateral story shears
corresponding to a given or selected design earthquake. It involves the
following.

Analysis of given data--The frame geometry, standard design loads (dead,
live, and wind), and story masses are given in Fig. 4(a). The most difficult
task in the first step is to select the proper design earthquake. For the
present application it is described quantitatively by the inelastic response
spectrum shown in Fig. 5. This spectrum is constructed from given values of
effective peak ground acceleration, o.4g, ground velocity, 48.6 em/sec.
(19.2 in./sec) and ground displacement, 36.6 em (14.4 in.) that are expected
to occur at the building site, following the method suggested by Newmark [6].
It should be noted that the ground motion spectrum in Fig. 5 represents a
very severe ground shaking which might occur only at regions near active faults.
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Selection of main seismic
design Parameters--The seismic
design parameters are the seismic
coefficient (Cy )' acceptable drift
indices (R), period ratios TIlT.
(T

l
is the first mode period, sEd

T. is the i th mode period), and
m5de shapes:-<p.. Acceptable limit
values for Cy ~ould be assigned
according to present design and
construction experience and economic
considerations. Acceptable values
for R should be selected on the
basis of acceptable damage at the
service load limit state and on the
basis of damageability and safety
against collapse at the ultimate
limit state. The acceptable damage



levels should derive from the functional and economic implications of this
damage. However, reliable quantification of damageability limit states is
still unavailable.

For the example it was decided that Cy should be less than 0.2, and that
R should be less than 0.002 at service load conditions and less than 0.015
at the ultimate load state. R at the ultimate load state defines in a very
simplistic way the damageability limit state.

The frequency ratios and mode shapes can be found from available tables
[7], from previous experience, or from a frequency analysis of an initial
design. The latter method is used for this example.

Selection of values of Tl, ~, and ~--Initially it is necessary to assume
a set of values for the first mode period, Tl ; the displacement ductility
factor, ~; and the damping ratio,~. Based on an analysis of the frequencies
of similar structures, Tl was assumed equal to 1.0 sec. From previous experi
ence with similar structures, ~ waS assumed equal to 6, and S was 5%. It
should be noted that the value of ~ is generally found to vary little with the
natural frequency and seems to depend almost exclusively on the structural
material, structural system and nonstructural components and their interaction,
and on the degree of damage expected which in turn is a function of~. The
final selection of the proper values for these three factors usually requires
an iterative procedure which includes a series of computations described in
the next step.

Estimation of first mode maximum response--The inelastic design spectrum
for a single-degree-of-freedom system (SDOFS) is obtained from the selected
ground motion spectrum in two steps. The elastic response spectrum is first
constructed by multiplying the ground motion spectrum by the amplification
factors suggested by Newmark [6] for the assumed value of the damping ratio,
S. The inelastic spectrum is then constructed by dividing the elastic spectrum
by appropriate functions of the assumed displacement ductility [6]. The elas
tic and inelastic response spectra for S = 5% and ~ = 6 are shown in Fig. 5.
Maximum response parameters and the range of periods over which the established
limitations on Cy and Rult can be satisfied may be ohtained from the first
period mode shape and the assumed value of T

l
, as indicated below.

The maximum lateral displacement,
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. Sd
inelastic

(1)

can be used to of the expected story drift index

S = 0.00092 S
dinelastic dinelastic

where H is the total structure height.
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The base shear,
(1*)2
_1__

M*
1

PS = C
l

• W
ainelastic leffective

can be used to give an idea of the expected seismic coefficient,

PS
ainelastic
g

VI
Cl = W

leffective

R
ult

~r~~o~~g~~ ~: ~~i~~i:~e~o;h~~et~~l~~~~~~~:~~~r~~e~~~ Cy 2 0.2 and

(4)

0.67 sec 2 Tl 2 2.6 sec

A similar check could have been performed for the serviceability limit
state if a design spectrum had been established for this limit state.

For the assumed value of Tl = 1.0 sec, the spectrum of Fig. 5 gives
C = 0.12 and Rl ult = 0.0063. Although the value of Cl is considerably lower
t~an the accepta~le limit of 0.20, the higher modes will increase the response,
and the current values of T

l
, )l, and i; can be accepted for carrying out the

preliminary design.

Estimation of lateral stOry shears--The displacement and base shear modal
participation factors, AY and AY respectively, can be estimated from the
selected mode shapes by ihe expFessions:

L.*1.
ie1.

and (6)

(8)(PS ).
ainelastic 1.

The contributions of each mode to the maximum displacement and base
shear are then found, using the selected values of TIlT. and Tl , from the ex-
pressions: 1.

Y. AY., (Sd ). (7) and V. A':
1. 1. inelastic 1. 1. 1.

By exam1.n1.ng these modal contributions, the number of modes contributing
significantly to the response may be determined. For the design example, only
the first three modes were significant.

Once the story shears for each of the' significant modes are computed,
the maximum probable story shear, Sjmax is estimated by computing the square
root of the sum of the squares of the modal maxima (SRSSMM).
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Although in this example it was assumed that ~j was constant throughout
the height of the building, it would generally be more rational to use dif
ferent values for the ductility through the height. This is because the state
of stress in the girders at the upper stories usually permits the development
of large ductility, and the consequences of large story drifts are less detri
mental in the upper than in the bottom stories.

The P-1:1 effect has been included in the design i'orces by estimating an
additional story shear

where P, is the total dead load + the reduced live load of levels above level
j; O. i~ the maximum relative story deflection at level j (this value should
be e~timated considering the expected inelastic response which depends on the
value of ~. at that story); and h, is the story height of level j.

J J

For the design example, the values of 0j/hj were assumed constant and
equal to:

(10)

where 1:1 f is the square root of the sum of the squares of modal maximum
displac~ggnts at the roof, and H is the total height of the frame.

2. Seismic lateral story shears
obtained in the preliminary
analysis (Fig. 6).

1. Gravity and wind loads

Given:

PRELIMINARY DESIGN

The basic problem in this step
of the procedure may be stated as
follows:

(KIPS)
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FIG. 6 DESIGN SEISMIC SHEAR FORCES

The final design story shears are obtained from the expression:

S' = S. + (Mp 1:1)' (11 )
jmax J max - J

The S~ obtained for the design example are shown in Fig. 6.
Jmax

ROOF

10
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3. Critical load combinations. Those considered were
0.75 (1.4 DL + 1.7 LL + 1.7 W)
1. 4 DL + 1. 7 LL
1.2 DL + 1.0 LL + 1.0 E
0.8 DL .:!:. 1.0 E -

4. Mechanical characteristics of the construction materials. The nomi
nal compressive strength of concrete was taken as 4000 psi, and the
nominal yield strength of the reinforcement was taken as 60000 psi.

Find:

The sizes of beams and columns as well as the distributions of beam
flexural reinforcement and column longitudinal reinforcement.

This problem is solved by a simplified story-wise weak girder-strong
column optimum limit state design.

Design subassemblage--The single-story subassemblage used in the prelimi
nary design is shown in Fig. 7. Use of this subassemblage and the weak girder
strong column design criterion simplifies the design problem because it reduces
the number of design variables to the selected girder moments in a given story.
In a typical intermediate story the use of this subassemblage is justified by
the presence of large seismic shear forces which force the column inflection
points to be very close to mid-height. In the design procedure, both the nega
tive and positive design moments at a given section are considered independent
design variables. If the design moments are assumed to be symmetric about mid
span of the center bay, 8 independent design moments may be identified (Fig. 7).
Determining the optimum value of these design moments is the objective of the
optimization procedure presented below.

Design procedure--Linear programming techniques are used to obtain an
optimum inelastic design. The optimization process attempts to minimize the
volume of flexural reinforcement. Equilibrium constraints obtained from the
kinematic theorem of simple plastic theory form a physical basis for the
optimization, with additional constraints imposed to satisfy serviceability,
as well as practical, requirements.

I
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More realistic objective functions than the volume of flexural reinforce
ment (such as the total cost of construction which would include the cost of
concrete, steel reinforcement, and form work [8]), might be formulated as Part
of the optimization procedure. However it is generally difficult to formulate

realistic linear relationships
between cost variables and design
variables (the beam moment capaci
ties), and since an approximate
linear relationship between the area
of steel and the design moment capa
city exists, the volume of flexural
reinforcement was chosen as the

FIG. 7 SUBASSEMBLAGE FOR PRELIMINARY
DESIGN



objective (merit) function. The possibility of considering a nonlinear total
cost function by employing a different mathematical programming technique,
such as the method of feasible directions used by Walker and Fister [9], should
be studied.

Starting design~-Elastic analyses for the service and ultimate load
states must be carried out before starting the above design procedure because:
1) the merit function and a set of practical constraints are based on ultimate
load elastic moment envelopes; and ~) the serviceability constraints are
based on the service load envelopes. As a result a starting preliminary design
(starting relative sizes of members) is needed in order to carry out these
elastic analyses. This presents a problem. How can a good starting design
be obtained in the first iteration of the design process? Although upper and
lower bound approaches can be used, the following procedure is suggested.

1. Assume that the moment capacity in a given span is constant.

2. Formulate an optimization problem based only on the equilibrium con
straints at collapse, thus eliminating the need for elastic analyses.

3. Use the computed moment capacities to size the beams.

4. Use beam capacities found in 3 to size the columns to insure a weak
girder-strong column design.

The sizes of beams and columns in all stages of the design process, were
based on the permissible percentage of reinforcement, P, bounded as follows.
In the beam design:

200 < P ~ 0.02) or ~ 0.75 Pb ' whichever is smaller

The lower bound is a code requirement for the minimum amount of flexural
reinforcement. The upper limit of 0.025 is that recommended by the UBC (2626)
requirements for ductile moment-resisting reinforced concrete space frames.
The upper limit of 0.75 Ph is that recommended by the UBC (2610) requirements
for the design of flexural members. In this design example the upper bound,
P < 0.75 P

b
, controlled the design.

In the column design:

0.01 ~ P ~ 0.04

The upper limit is chosen to obtain more ductile (tough) columns and also to
relieve congestion of reinforcement at beam-column joints. The lower bound is
a code requirement.

Details of the design relationships used and the relationship between
beam moment capacities and column design moments will be presented after a
discussion of the optimization procedure.

Formulation of the design problem--In order to use a linear programming
technique to obtain the stated optimization objective, it is necessar~ to
formulate a linear function in the desired moment capacities which is proportional
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to the volume of flexural reinforcement, (Vol).
it is assumed that the moment capacity and area
expression:

To obtain such a function
of steel are related by the

jdM. = A • f
~ si y

Consequently the merit or objective function may be expressed as:

(12)

where y. is the effective length over which area A is required.
~ si

The quantity Yi is an effective length because it includes required
development lengths at columns and the effect of bar cutoffs. As a consequence
it is dependent on the bar size used in design. Typically larger bars will
result in larger values of Y.' In order to arrive at the smallest amount of
reinforcement and also to miftimize significant bond deterioration use of the
smallest possible bar size is recommended.

The contribution of column reinforcement to the volume of flexural
reinforcement should be considered in construction of the merit function.
Since a weak girder-strong column design criterion is imposed, the sum of the
column moment capacities at a given joint can be expressed in terms of the
beam moment capacities at that joint. This expression can be multiplied by
an appropriate length factor and added to the merit function. This length
factor should include the effect of axial load on the column moment capacity
and also any slenderness effects which may be considered in the actual member
design.

A typical merit function then consists of two components; the beam
contribution, y.*, and the column contribution, y.**. An investigation into
the formulation~of the Y.* component indicated th~t the solution of the
optimization problem is §ensitive to the size of the bar used to define de
velopment lengths, particularly in the intermediate and lower stories. As a
result, the construction of the merit function warrants further investigation.

The equilibrium constraints used in this design example can be obtained
from the mechanisms given in Fig. 8 and are represented by the expression

Ct •• M. > w.
J~ J - ~

(14)

where Ctji is the coefficient of the jth design moment, M., in the ith
eqUilibrium constraint and w. is the work done by the external forces in the
ith equilibrium constraint. ~

The serviceability constraints place a lower bound on the design moment
capacities. The lower bound used in this design procedure is one suggested
by Cohn [3] and it is imposed to prevent yielding, wide cracking, and large
deflection under service load conditions.

(15)
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where M is the jth design
moment'~jSE is th;-ordinate
of the elastic moment en
velope under service load
conditions and Ao is a factor
that depends on the servicea
bility reQuirements (a value
of 1.2 was used)

The remaining constraints
are imposed to meet code re
Quirements, to achieve a
desired inelastic redistri
bution of moments and to
limit detailing problems,
thus arriving at a practi
cal design. The adopted
optimization procedure has
the advantage of providing
an experienced designer
opportunity to use additional
constraints based on his
many years of design experi
ence. The following con
straints were used in the
design example.
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FIG. 8 MECHANISMS CONSIDERED IN FORMULATION

OF EQUILIBRIUM CONSTRAINTS

At the beam ends

O.5!M.-j <
J

IM.+I <
J

(16)

This constraint bounds the positive moment capacity at a given support
section with respect to the negative moment capacity at that section. The
lower bound is based on code reQuirements (UBC 2626). It not only recognizes
the severity and cyclic (with reversal) characteristics of the seismic excita
tion, but also represents an attempt to include in member design the beneficial
effect of compressive reinforcement on the inelastic deformation characteristics
of the member. The upper bound is based on practical considerations.

At beam midspan

(17)

This constraint is based on code reQuirements (UBC 2626 (£)2) that at
least one Quarter of the larger amount of support reinforcement be continued
through the girder.
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(18)

where M
i

UE is the ordinate of the elastic moment envelope for the ultimate
load co~dition at section j.

This constraint represents an upper bound on the design moment capacity
and was imposed only on the negative support moment capacities. It was im
posed to relieve steel congestion at the beam-column joint.

1M. -I > FAC'IMj - I
J - above

where FAC is the ratio M -UE/M -DE and M - is the design moment obtainedj j,above j,above
in the solution of the optimization problem for the story above the current
story.

This constraint represents an attempt to arrive at a smooth transition in
member strength and stiffness through the height of the structure.

A last practical constraint is imposed in conjunction with the servicea
bility constraint. If the product A MjSE was less than the moment capacity
corresponding to the minimum allowab£e percentage of reinforcement (M .),
then the latter value was used as a lower bound constraint. p,mln

Summary of optimization problem--The optimization problem may be
summarized as follows.

Find Mj > 0

which satisfy:

j 1, number of desired moment capacities (N)

a) equilibrium constraints:

j 1, N

i 1, number of equilibrium
constraints (NEQ)

b) serviceability constraints

1M. I > m.
J - J

j = 1, N

where m
j

is the larger of IA M. SEI or 1M . Io 1 p,mln



c) practical constraints

0.5\Mj -, < IMj+1 < IM.-I- J

IMspan I > 0.25 IMsupport \

IMj-1 < IM.-UEI
J

!Mj-I > FAC • IM.- I- Jabove

and minimizes the linear function
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j 1, •.• , N

An optimization problem is formulated for each story and then solved
with the aid of a standard Simplex algorithm. The 'optimum' girder moment
capacities, M

j
, obtained are then used to design the frame members.

Member design--The beams and columns were designed using available
computer programs based on the following design relationships.

a) beam design

The beams were designed according to the equation:

f
(if) 0.59 pJ}

c
(20)

M is the optimized beam design moment multiplied by an amplification factor,
a~, to account for column slenderness effects. The value of a

F
is determined

from column moment amplification factors corresponding to member sizes of the
starting design.

After the girders have been designed, their moment capacities are evalua
ted and used as the basis of column design.

b) column design

The columns are designed to insure that the weak girder-~trong column
criterion is satisfied. The following expression, derived from equilibrium
at a typical beam-column joint, is used to relate column design moments to
beam moment capacities (Fig. 9).



FIG. 10 EQUILIBRIUM AT AN EXTERIOR
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FIG. 9 FORCES AT A TYPICAl BEAM
COLUMN JOINT

'~'!' !I Vi III~
- M, M2
....-1A--------l

ASSUME:
Mj =M,

M~ =M2

where the subscript c indicates
column and b indicates beam.

The 3 functions on the right
hand side of the above ineQuality
should be chosen to give the maxi
mum possible column design moments.
That is, all possible combinations
should be considered, and the one
which results in the largest value
for the right-hand side should be
selected. It should be noted that
slenderness effects are inCluded
in the above expression by the use
of amplified beam moments.

The following example will
illustrate how the above functions
might look.

Consider an exterior beam
column joint (Fig. 10). For
simplicity it is assumed that in
span A there are two design moments,
Ml and M2 . In other words, the
positive and negative moment capaci
ties are eQual. The joint equili
brium eQuation is:

r~~~MT--..I Cr ,

-vrL
~~I~!Vb!)M1hb
------11 ~

VB
~

M~\..Jf

tpB
BEAM COLUMN JOINT

From the equilibrium of beam A:

(22)

(23)



If the column inflection point is assumed at mid-column height:
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V T
c

2M T
c

Q, T
c

and VB
c

2M B
c

Q, B
c

where Q, T and Q, B are the clear story heights above and below a joint.
c c

If we now assume that Q, T
c

Q, B = Q, Equation (22) can be written as:
c c'

Q,+~ IMII + IM2 1 WAQ,A
(_c_) EM = IMII + 2Q,A

h +--h (25)Q, c c 2 cc

and
f(Q, T f(Q, B

Q,c+~
f(~D)~) ~) --Q,-; IMIIc ' c ' c

~D h WAQ,A
h ) c

(IMII + IM2 1) ; f(WbQ,b' h)f(\, 2Q,A
--h

c 2 c

In the column design, the reinforcement which defines the column moment
capacity is chosen to be the same above and below a joint. That is, all
column splices occur near mid-column height. If the lengths and boundary
conditions of the top and bottom columns at a given joint are assumed to be
the same, then the distribution of LMcD between the top and bottom columns
can be based on the following equation Mc

T = SMc
B where S is a moment distri

bution factor obtained from the distribution of elastic stiffness at the beam
column joint.

When a change in column section occurs through a joint, each section is
designed to resist its own critical load combinations, and the larger amount
of reinforcement obtained is used for both columns.

In order to consider all critical column load combinations, a bound on
the axial force due to overturning effects (tension or compression) must be
obtained. For an exterior column such a bound is easily established. The
maximum beam shears induced by lateral shear forces can be expressed in terms
of the beam design moments by: (See Fig. 7).

Vtension

v .compreSSlQn

(26)
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The bound for a given story is obtained by summing the maximum beam
shear for that level with those for all higher levels.

Such bounds cannot be so easily obtained for an interior column,
however, and the overturning moment axial forces obtained in the ultimate
load elastic analysis used to formulate the preliminary design problem were
considered in the interior column design.

In the column design, the most critical combination of axial load
and bending moment was considered. The moment corresponding to the code mini
mum eccentricityl was also checked to see if it controlled the design. The
computer program used to design the columns was based on the ACI ultimate
strength design code [10]. A standard capacity reduction factor of 0.7 was
used, in the column design and this value was increased for small axial loads
as allowed in UBC 2609(c) 2D. The selection of column size was guided by
the desire to keep column axial loads below the balance point of the axial
force moment interaction relationship. This requirement would provide some
ductility in case the column should yield.

Final remarks on preliminary design--Preliminary design involves two
iterative loops. The first loop is illustrated in Fig. 2. Iteration is re
quired because initial member sizes are needed to formulate the optimization
problem, the solution of which will generally result in different member
sizes.

A second iterative loop exists in the actual design. Column design
moments depend on beam moment capacities, which depend on the moment amplifica
tion factors due to slenderness, which depend on column sizes. Since designed
members generally will have different column sizes than those used in evaluat
ing the initial slenderness effects, iteration is required to arrive at a
design in which the initial and final moment amplification factors are in close
agreement.

Results of Preliminary Design

Results of the preliminary design are summarized in Figs. 11-14. The
design defined by these figures was obtained after two iterations of the opti
mization procedure (Fig. 2). The beam design moments obtained from the optimi
zation problem are shown in Fig. 11 and the resulting member sizes are shown
in Fig. 12. Selection of member sizes was based on the design criterion of a
smooth transition in stiffness through the height of the structure with considera
tion of the economics involved in formwork changes. The final beam moment capa
cities 2 are shown in Fig. 13 and the variation of column reinforcement is shown
in Fig. 14.

UBC 2610(d) 6 specified emin > 1 in. or, for a tied column, emin > 0.1 h,
where h is the larger column dimension.

The T-beam effect of the slab on beam moment capacity was not considered.
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The significant difference between the preliminary optimized moments
(Fig. 11) and the final beam moment capacities (Fig. 13) is due to three
factors. First, a code capacity reduction factor for flexural members of 0.9
was used in member design. Second, th~ beam moments shown in Fig. 11 were
amplified to account for column slenderness effects. Amplification ranged
from 1.06 in the upper stories to 1.25 in the lower stories. Finally the
use of practical formwork sizes and a limited number of available bar sizes
caused the selected beam size and reinforcement arrangements to provide moment
capacities greater than actually required.

Analyses of Preliminary Design

Results of elastic analyses--An elastic frequency analysis of the designed
structure resulted in a first mode period of 1.21 sec, in good agreement with
the value of 1 sec assumed in determining the seismic design forces. The
period ratios (T IT.) and the mode shapes (~.) obtained in this analysis were
also similar to tho§e chosen initially. In-this frequency analysis and subse
quent elastic and nonlinear static and dynamic analyses, the effect of the
floor slab on the frame's stiffness was included by using a method proposed
by Edgar and Bertero [11].

The results of an elastic analysis for service load conditions (D.L. +
L.L. + W.L.) yielded a maximum story drift index of 0.00026, which is well
under the established design criteria of 0.002.

The nonlinear static behavior of the designed frame was investigated
using a modified version of the program ULARC (12). The frame was subjected
to the design gravity loads and a monotonically increasing seismic base shear
which was distributed through the height of the frame according to the lateral
force pattern obtained from the spectral modal analysis.

A significant overstrength is
observed whether or not the P-l'>
effect is included. For the case
in which the P-l'> effect is considered
the maximum base shear was greater
than the design base shear by 55%.

l>(IN)

20

600

~

A' Il: FIRST HINGE FORMS
s 's' 20 HINGES HAVE FORMED
C 'c' 40 HINGES HAVE FORMED
D 'D' 50 HINGES HAVE FORMED
E ,E' 52 HINGES HAVE FORMED
1.1' 1.1' 59 HINGES HAVE FORMED

00 5 10 15
FIG. 15 LATERAL LOAD-DISPLACEMENT

RELATIONSHIP

Results of the nonlinear static analysis are summarized in Figs. 15-18.
Variations of roof and first story lateral displacements with the increasing
value of the base shear are shown in Fig. 15. Two analyses were carried out

VB(KIPSl FIRST STORY DISPLACE~ENT 1.1 in order to investigate the P-l'>
700 ~'Ii',jgE c ~ ~ ~_ effect. A comparison of the two

'C D' E' 'L P- 6 INCLUDED 1.1' roof displacement responses demon-

{

.239- strates the ' negative stiffness'
·"'."3 •• contribution of the P-l'> effect.

086~ This is particularly evident at
p." .D~~=: large displacements, 25-38 cm

:g;:= (10-15 in.) where the applied lateral
.060- force decreases with increasing
.033- displacement.
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Two factors contribute to this overstrength.
First the final beam strengths were, as
discussed previously, significantly larger
than required (Figs. 11 & 13). Second, the
design forces were based on the assumption
that the entire frame would be transformed
into a mechanism simultaneously. An exami
nation of the sequence of hinge formation
indicated that this did not occur. The
first plastic hinge formed at stage A-A'
which corresponds to a base shear of approxi
mately one half the design value. Subsequent
hinge formation was gradual and is depicted
in Fig. 15.

STORY DISPLACEMENT
TIME HISTORIES 
EL CENTRO MOTION

nM~. S~C.

( 0) D1SPLAC~MENT TIME HISTORIES

FIG. 20

DISP\.AC~M~NT. IN

20

Changes in the deformation pattern
through the height of the frame with in
creasing roof displacement level and the
associated plastic hinge patterns are of
interest. From Fig. 15 it is evident that
the first story displacement response re
mained essentially elastic throughout the
analysis. This is consistent with the ob
served hinge formation sequence (Figs. 16 &

17). Plastic hinges gradUally progressed downward. Consequently the initial
elastic stiffness of the lower stories is affected at a much later stage than
the stiffness in the upper stories. In this particular example the sequence
of hinge formation is such that the stiffness of the first story remains
essentially unchanged.
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F"~'~J
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(b) EL CENTRO N-S IlCCELEROGRAM (0.5g)

In the static analysis yielding was limited to the beams until point
M-M' at which point the columns of the fifth story yielded (Fig. 18). Subse
quent increases in displacement resulted in a partial sway mechanism in this
story at a roof displacement of 68 cm (27 in.). Column yielding is due to a
change in the distribution of the beam moments between the columns above and
below a typical beam column joint. This change, caused by beam yielding, was
such that almost the entire joint moment was resisted by one column.

The column yielding demonstrates the difficulty in insuring an efficient
weak girder-strong column design. Overdesigning the columns by a factor of 1.7
with respect to the beams failed to prevent column yielding prior to complete
beam yielding. As is discussed in subsequent sections, this problem becomes
more prominent in the dynamic response.

Results of nonlinear dynamic analyses--The nonlinear dynamic response of
the designed structure to the El Centro N-S component and the Derived Pacoima
Dam ground motions was obtained using SERF, a program developed by Mahin and
Bertero [13]. The accelerations of both ground motions were scaled to have peak
values of 0.4g and 0.5g. It should be noted that while the El Centro ground motion
had dynamic characteristics represented by the ground spectrum selected as the
design earthquake the Derived Pacoima Dam did not [14]. In the analyses the
following assumptions are introduced:



1. Rayleigh-type damping with a 5% damping ratio in the first two
modes.

2. Both the beams and columns have a bilinear M-¢ relationship with
linear strain hardening. Strain hardening values of 5% and 2% were investiga
ted to evaluate the influence this parameter had on the response.

3. Column yielding is determined from the corresponding axial force
bending moment interaction.

4. P-~ effect is included.

5. Beam column joints are rigid.

Based on the results for 5% strain hardening the following observations
are made.

1. There was a significant difference in response for the two ground
motions considered. Though the maximum ground acceleration of the two input
motions was the same, the maximum displacements during the response to the
Derived Pacoima ground motion were approximately three times those recorded
during the El Centro motion (Fig. 19). This demonstrates the need to consider
all possible ground motions at a given site and also all characteristics of
these ground motions (not just the peak ground acceleration) when selecting
a design earthquake [14]. The long duration pulses in the initial portion of
the Derived Pacoima ground motion caused severe inelastic behavior in one
direction (Fig. 21). The displacement time histories at various floor levels

are shown in Figs. 20 and 21.
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Results of the nonlinear static
analysis may be used to obtain an esti
mate of the dynamic floor displacement
ductilities. The static base shear-
roof displacement relationship is re
produced in Fig. 22. If the first
significant lateral yield displacement
of the frame is defined by the ~Yroof

indicated in Fig. 22 and the displace
ment pattern corresponding to this roof
displacement is assumed as the yield
displacement pattern, the floor displace
ment ductilities given in Table 1 may
be computed. From these ductility data
it is evident that the Derived Pacoima
ground motion causes significantly
(three times) larger inelastic deforma
tions than the El Centro ground motion.
In addition it appears that the displace
ment ductility assumed in determining
the seismic design forces is exceeded
during the response to the Derived
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Pacoima ground motion. It
should be noted, however, that
the displacement ductilities
given in Table 1 are just
estimates because of the dif
ferent nature of the responses
during which the yield and
maximum displacements were
determined and these ductility
demands should be used as guide
line values only.

pol> EFFECT CONSIDERED

o I 2 3 4(1NJ
DISPLACEMENT PATTERN CORRESPONDING

TO FIRST SIGNIFiCANT YIELDING

DEFINITION OF LATERAL YIELD
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2. Comparison of the
envelopes of actual and design
story shears (Fig. 23) indicates
that the dynamic story shears
are greater than the design
forces. This is due to a
number of factors. First, the
members had been overdesigned
and an increase in shear capa
city had already been revealed
by the static analysis. Second,

strain hardening increased the member capacities. Third, the story shear forces
given for the dynamic response were absolute maximum values at each story and did
not occur simultaneously during the response. Finally, the design shear forces were
determined based on the assumption that the entire frame was transformed into a

TABLE 1. FLOOR DISPLACEMENT DUCTILITIES

LATERAL LATERAL DISPLACEMENT
DISPL. DUCTILITIES. )1, UNDER
AT FIRST

FLOOR SIGNIFICANT DERIVED PACOIMA EL CENTRO
YIELDING
"y (in.) 0.59 0.49 0.59 0.49

ROOF 3.79 5.04 3.63 1.64 1.47

10 3.41 5.49 3.92 1.76 1.58

9 3.00 6.24 4.27 1.90 1.67

8 2.58 6.57 4.65 2.00 1.71

7 2.18 7.02 4.95 2,04 1.69

6 1.80 7.30 5.10 2.00 1.62

5 1.43 7.44 5.10 1.90 1.52

4 1.07 7.33 4.86 1. 76 1.41

3 .70 7.10 4.50 1,61 1.31

2 .33 7.20 4.24 1.53 1.34

mechanism simultaneously. As in the static analysis, this did not occur in
the dynamic response either. Detailed analysis of plastic hinge formation
during the dynamic response to ground motion indicates that there is a migration
of plastic hinges from the base to the top of the building, and that as plastic
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hinges form in the upper stories the ones in the lower stories close.

3. Comparison of the story shear envelopes for the two ground motions
considered (Fig. 23) indicates that the Pacoima ground motion resulted in
larger story shears, particularly in the lower stories. This difference is
attributed to strain hardening considered in the assumed M-¢ relationship for
the member. Strain hardening increased the beam moment capacities beyond those
computed on the basis of the yielding of the reinforcement. Since the columns
were overdesigned with respect to the beams (by a factor of about 1.7), story
shears greater than those corresponding to the designed beam capacities could
result. The increase in beam moment capacity associated with strain hardening
is directly proportional to the magnitude of inelastic deformation. Since
the inelastic deformations recorded during the Pacoima response were larger
than those for El Centro, the increase in beam moment capacity was greater
during the Pacoima response. Since the story shears are proportional to the
beam moment capacities, greater story shears were recorded during the Pacoima
response.

4. Envelopes of the story drift index (Fig. 24) indicate that the
design criterion for Rult is violated during the response to the Pacoima ground
motion with a maximum acceleration of 0.5 g. The large story drifts demanded
by the Pacoima ground motion indicates a high probability of severe nonstruc
tural damage.

5. Examination of the required column ductilities (Figs. 25-26) indicates
that the weak girder-strong column design criterion is satisfied during the
El Centro response. However, column yielding does occur at various locations
during the response to the Pacoima ground motion, and is attributed in part to
the increase in beam mo~ent capacities caused by strain hardening. In addition,
the distribution of the beam moments between the column sections above and
below a given joint was typically different from that assumed in design. Not
only are the end conditions of the upper and lower column at a given joint not
the same as assumed in the preliminary design, but also the formation of beam
plastic hinges above, below, and at a given joint can alter the moment distri
bution at that joint to the extent that the sum of the beam moment capacities
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is resisted by only one of the columns at the joint.

An attempt is made in the final design to eliminate the problem of
different column end conditions by designing the columns based on a moment
distribution found from an elastic analysis.

The magnitude of the inelastic column deformation (plastic hinge rotation)
in the upper stories was small, being less than 0.003 radians. The accumulated
rotation was essentially the same as the maximum value indicating one large
inelastic excursion. The maximum plastic rotation in the columns at the ground
level was approximately 0.01 radians and could be tolerated with proper detail
ing.

Number of
yield excursions

Nl: 18 I
N p

For the El Centro ground motion
8p ,max was 0.0065 radians and 8p acc
was 0.033 radians while during tlie
Pacoima ground motion the values
were 0.020 and 0.060 radians, re
spectively. The large difference
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6. The effects of the different ground motions on the individual members
are illustrated by the beam inelastic deformation behavior. For the El Centro
ground motion, the maximum cyclic curvature ductility is less than 9 (Fig. 27).

However, in the response to the
Pacoima ground motion, cyclic duc
tility values greater than 17.5 were
obtained. This trend is also indi
cated by the maximum plastic hinge
rotations, 8p ,max and the accumula
ted plastic hinge rotations 8
(Figs. 28 and 29) where p,acc
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in e max between the two ground motions demonstrates the effect of the long
acce~eration pulses contained in the Pacoima ground motion on the structure
response. Because of the severe long duration pulses the structure was forced
to deform in one direction for a long period of time (0.56 sec) during which
it experienced large inelastic deformations.

Comparison of the plastic hinge rotation demands with experiemental
results obtained by several investigators [15, 16] indicates that the frame
should be able to resist the El Centro earthquake safely. However, because of
large inelastic deformation requirements, the current structure might experience
severe structural damage and possible structural failure if it were excited by
a ground motion with characteristics similar to the Pacoima record.

7. The ratios of maximum story displacements, story drift indices,
story shears, and maximum beam plastic hinge rotations recorded at peak ground
accelerations of 0.5g and 0.4g are compared for the two ground motions in
Table 2. An examination of the data in Table 2 indicates that the effect on
the story shear of increasing the ground acceleration is approximately 10%
for each of the ground motions and is mainly due to an increase in the beam
moment capacities caused by the larger amount of strain hardening which occured
when the peak acceleration is increased from 0.4g to 0.5g.

From the data in Table 2 it is evident that the effect on the floor
displacement response of increasing the ground acceleration is significantly
different for the two ground motions. For the Pacoima ground motion the floor
displacements typically increased by 40% as the ground acceleration was in-
creased from 0.4g to 0.5g. This is approximately two times the increase
observed for the El Centro ground motion. This difference is attributed to
the degree of inelastic behavior caused by the Pacoima ground motion, in
particular yielding in the lower story columns.

8. The extent of the effect of the strain hardening ratio varied
between the two ground motions, being more significant during the response to
the Pacoima ground motion. This is expected, however, since the inelastic
deformations during the response to this ground motion were substantially
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larger than those which occurred during the El Centro ground motion.

TABLE 2. RATIOS OF MAXIMUM VALUES FOR DIFFERENT RESPONSE
PARAMETERS FOR O.5g AND 0.4g PEAK GROUND
ACCELERATIONS

EL CENTRO PACOIMA
FLOOR e

pmax
8FLOOR ORIFT STORY FLOOR DRIFT STORY Pmax

OISPL. INOEX SHEAR BEAM OISPL. INDEX SHEAR BEAM

ROOF 1.12 1.47 1.12 1.51 1.39 1.34 1.09 1.41

10 1.12 1.22 1.04 1.31 1.40 1.42 1.04 1.37

9 I. 14 1.36 1.07 1.47 1.40 1. 34 1.08 1.45

8 1.17 1.40 1.10 1.58 1.41 1.38 1.10 1.33

7 1.20 1.14 1.06 1.30 1.42 1.3B 1.11 1.52

6 1.22 1.20 1.05 1.30 1.43 1.35 1.10 1.42

5 1.24 1.25 1.06 1.32 1.46 1.35 1.09 1.38

4 1.25 1.26 1.09 1.91 1.54 1.39 1.10 1.40

3 1.23 1.27 1.10 2.38 1.58 1.49 1.11 1.50

2 1.13 1.14 1.04 4.75 1. 70 1.70 1.07 1.80

Note: Maxima do not always occur in same directions for the
two peak ground accelerations.

Summary of Preliminary Design

The results of the nonlinear dynamic analysis indicate that the current
structure will be able to resist a ground motion with characteristics similar
to the El Centro record without SUffering extensive nonstructural or structural
damage. However, significant nonstructural and possibly structural damage would
be expected in the lower and intermediate stories if a ground motion with

'characteristics similar to the Pacoima record should shake the building. Long
acceleration pulses such as those in the Pacoima ground motion cause large
inelastic beam deformations which lead to a number of design problems. First
the large inelastic deformation requirements may lead to beam failures. gecond,
the strain hardening associated with the inelastic beam deformation increases
the beam moment capacities which contributes to column yielding. The
inelastic deformations in the upper story columns are small (Sp,max < 0.003 rad)
and well within the deformation capabilities of ductile reinforced concrete
columns. A problem may arise in the first story columns where plastic rotations
of approximately 0.01 radian are required.

A final design problem associated with the large inelastic deformations
is the large story drifts which result. The drift indices recorded during
the Pacoima response exceeded the limiting value of 0.015 in many stories indi
cating the possibility of significant nonstructural damage.



Design modifications should be made to eliminate the above short-
comings in the current design. It is apparent that the structure should be
made stronger in order to decrease the required inelastic deformations, i.e.,
the design forces should be increased. But how can they be increased within
the context of the proposed design procedure? In Reference 14 it is shown
that the Pacoima ground motion is not accurately represented by the chosen
ground motion spectrum, in particular with respect to the effective peak
ground velocity. Redefining the ground motion spectrum with a ground velocity
more representative of the characteristics of the Pacoima ground motion will
permit a systematic increase in design forces. These new design forces should
result in a structure which does not have the shortcomings of the current
design.

The acceptable behavior during the El Centro ground motion, whose
characteristics are precisely the ones considered in the formulation of the
response spectra used in the design, is an indication that the general pro
cedure works and the current preliminary design will be used to formulate a
final design.

The significantly different responses to the El Centro and Pacoima
ground motions clearly demonstrate that the problem that remains to be solved
is the development of more reliable design earthquakes for ultimate state
design.

FINAL DESIGN PHASE

Introduction

The objective of the final design phase is to arrive at the 'optimal'
solution to the seismic design problem. Seismic design forces are determined
utilizing characteristics of the structure found in the preliminary design
phase. These forces are then used in conjunction with a more sophisticated
subassemblage to formulate the optimization problem from which the final
design is obtained. Once a design has been obtained a series of elastic and
nonlinear analyses are carried out to check the overall reliability of the de
sign and to provide guidelines for proper detailing to insure ductile behavior.
The final design procedure is illustrated in the following sections by applying
it to the example frame.

Final Design

Design subassemblage --The subassemblage selected for the final design
is shown in Fig. 30. It has been used by EI-Hafez and Powell in a nonlinear
static analysis program [17]. They have investigated the reliability of this
subassemblage in analysis and have concluded that good results can be obtained
if the structure does not contain radical changes in stiffness. Since a smooth
variation in stiffness is one of the basic principles for seismic-resistant
design, this subassemblage should be applicable to the proposed seismic design
procedure.

As in the preliminary design, a weak girder-strong column design criterion
is established and the only design variables are the beam moments. If the design
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symmetry assumed in the preliminary
design is also assumed in the final
design, 16 design variables may be
identified in a typical subassemblage
of the example frame (Fig. 30).

The solution of the optimiza
tion problem based on this subassem
blage yields one-half the moment
capacity of a given section, i.e.,
it is assumed that one-half of the
moment capacity of each beam section
goes to the story subassemblage
above the beam and the other half
to the story subassemblage below it.

the total moment capacity for that

M~ Mi. M!. M+ M;4. .
Ms. WAil Ms. M- We. WA,9.

"ofTl + Mt,,"'-M Mj "I", :oI~

NOTE: * INDICATES 1/2 ACTUAL VALUES

FIG. 30 FINAL DESIGN SUBASSEMBLAGE

When the two sUbassemblages are rejoined
beam is recovered.

There are two advantages in using this subassemblage. First, it involves
more design parameters than the sUbassemblage used in the preliminary design
and consequently should provide a better distribution of moment capacities
throughout a particular story and through the height of the structure. Secondly,
the assumption that the points of inflection occur at mid-height of the columns,
which is inherent in the preliminary design subassemblage, has been eliminated.
As a result this type of subassemblage should be more realistic than the one
used in the preliminary design.

Estimation of lateral story shears--The dynamic characteristics of the
structure found in the preliminary design are used in conjunction with the
design spectra. to evaluate the seismic story shears by the modal analysis
procedure discussed in the preliminary design phase.

Final optimization--The final design optimization problem is formulated
by a procedure identical to that used in the preliminary design.

In addition to the serviceability and practical constraints imposed in
the preliminary design, the practical constraint defined by the inequality

Msupport I
below

> IMsupportI
above

is imposed in the final design. This constraint is an attempt to insure a
smooth transition in support design moments through the height of the structure.

Member design--Final member design follows the same procedure outlined
in the preliminary design phase. Only the reinforcement distribution is de
termined in the final design, since the member sizes were established in the
preliminary design phase. The relationships used to design the members are
the same as those used in the preliminary design with one exception. The
distribution of the sum of the beam moments at a given joint to the column
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sections above and below the joint was based on the results of an elastic
analysis. This represents an attempt to eliminate one of the factors thought
to be responsible for the column yielding observed in the analyses of the
preliminary design.

Reliability of Final Design

1. The subassemblage used in the
final design does result in a smoother
variation in exterior span design moments
in going from story seven to story four.
This is attributed to the additional
practical constraint imposed in the final
design.

2. Notable differences between the
two designs occur in the tenth, third,
and second stories. Typically the left
exterior support moments were larger
and the interior support moments smaller
or the same at these stories in the final
design. Differences at these stories
would be expected, however, because the
assumption inherent in the preliminary
design subassemblage that column inflec
tion points are at mid-story height is
less likely to be true at these story
levels.
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Results of final design--The beam design moments found from the solution
of the optimization problem are shown in Fig. 31. Comparison of these moments

with the preliminary design moments
(Fig. 11) indicates the following dif
ferences:

The final column design differed
only slightly from that obtained in the preliminary phase (Fig. 14). The
most notable differences are in the lower two stories where the exterior column
reinforcement increased and the interior column reinforcement decreased, due
to changes in the beam design moments (Fig. 31 & 11).

Analysis of final design--Results of these analyses indicate that the
gross structural behavior of the final design was virtually identical to that
of the preliminary design. There were some significant differences in the
member inelastic deformation demands, however. In general, the peak demands
obtained in the preliminary design which are illustrated in Figs. 25 through
29, were eliminated in the final design, thus indicating an improved design. The
main reason for this improvement is that the story subassemblage used in the
final design resulted in a smoother transition in strength. The dynamic re
sponse of the final design to the Pacoima ground motions still shows some
demand above acceptable levels.
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CONCLUSIONS AND RECOMMENDATIONS

The proposed design procedure permits the inclusion of most of the
important factors affecting and/or controlling selection of design criteria
which are in accordance with the accepted general philosophy of seismic
resistant design and consequently it provides an efficient and rational basis
for the seismic design of multistory moment-resisting frame structures. The
procedure is very versatile. Present design constraints can be changed and/
or new constraints added in order to obtain several preliminary designs in a
relatively short time which can be used as guidelines for the final design.
The subassemblage suggested for the final design provides smoother transitions
in strength than can be obtained in the preliminary design. Consequently it
results in an improvement over the preliminary design.

In the development of this seismic design procedure, a number of problems
were identified which warrant further study.

a) Significant differences between the responses to the Derived Pacoima
Dam and EI Centro g~ound motions demonstrate the need to establish better
design earthquakes for inelastic design. These design earthquakes should
take into account the severe long duration acceleration pulses contained in
the Pacoima ground motion.

b) The relatively recent concept of damageability limit states creates
problems with regard to its inclusion in the design process. The precise
definition of this limit state (the story drift index was used here) and
how to incorporate it rationally in desi.gn have still to be decided.

c) Selection of the displacement ductility factor for a multiple degree
of-freedom system should be examined more closely. In particular, the conse
quences of varying the ductility factor through the height of the structure
should be studied.

d) The use of additional and/or different constraints in the optimiza
tion procedure in order to obtain more practical designs should be studied,
particularly in regard to the most efficient way of redistributing the moments
(internal forces) that are obtained from linear elastic analyses.

e) There is a need for improved expressions for the merit function
which will require the formulation of more practical rules defining the cut
off" point of flexural reinforcement than those derived from the present code
requirements.

f) The significance of the considerable overstrength obtained by using
present recommended code eQuations and values for the different factors (CP, a

f
)

should be investigated. More rational values than those presently used for
column overstrength factors, F, should also be obtained.

g) Participation of the floor system in the strength of the beam critical
sections (regions) should also be investigated.



h) A better model than the 2-component model is needed to predict the
inelastic deformation of members. A model to account for beam c.olumn joint
deformations (concrete as well as steel slippage) should be developed.

i) The current dynamic analysis program should be extended to three
dimensions in order to investigate the effect of torsion on the reliability
of the design.

j) A comparison should be made between the proposed seismic design
procedure and those used in current practice, as well as those suggested
recently in the literature, with respect to the volume of materials (cost)
required and to the structural response to critical design excitations.
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INTRornCTION

Significant advances have been made during the past decade in understand
ing the behavior of reinforced concrete framed structures subjected to ground
excitation. A parallel and nearly as fundamental development has occurred in
the refinement of dynamic analysis capabilities for reinforced concrete struc
tures.

It has become clear that the behavior of reinforced concrete structures
under reversed cyclic loading is entirely different from that under monotonic
loading. The knowledge obtained from unidirectional monotonic tests cannot be
transferred to or extrapolated for seismic loading; the latter renders rein
forced concrete a different type of material. Reversed cyclic loading funda
mentally alters behavior, especially in shear and bond.

Several aspects of dynamic behavior have required much more sophisticated
investigation than what has normally been used for the static case. One moti
vation for the extra effort is the relatively high probability of loading be
yond the yield level during an earthquake; other loads rarely reach or exceed
their design values, Another reason for the intensity of research is the ad
vancement in the sophistication of testing facilities which has permitted more
realistic loadings and much better instrumentation.

Of special significance is the fact that most designers of earthquake
resistant structures have also realized the need for research in the dynamic
behavior of structures, and many are ready to incorporate the latest research
results in design practice. Clearly that is not the case in most other areas
of structural design.

Scope of Report

This report summarizes only the most important and interesting research
results on the response of reinforced concrete frames to seismic forces.
Clearly, time has not, space does not, and capabilities of a reviewer will
never permit an exhaustive or complete review of such a rapidly advancing and
often perplexing subject.

Shear and anchorage problems in beams and columns are discussed, wi th
only minor reference to flexural behavior. Sliding shear behavior is empha
sized in beams and to a limited degree in columns and walls because this has
received relatively little attention. Analytical representations and some
analysis results are also reviewed, but in less detail than experimental in
vestigations.

The behavior of joints and hinges, and general shear problems are reviewed
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by James O. Jirsa in another report at this meeting. General questions of
frame and wall behavior, analytical studies, and design are discussed by others,
therefore only minor references are made to these topics in this report.

The following are the major section headings:

1. Review of Selected Research Topics on Frame Behavior
2. Anchorages and Splices
3. Shear in Beams and Columns
4. Sliding Shear
5. Research Needs
6. Summary and Conclusions
7. References
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University.

REVIEW OF SELECTED RESEARCH 1DPICS ON FRAME BEHAVIOR

The main thrust of both experimental and analytical research has been con
cerned with the energy dissipation capacity of reinforced concrete elements.
The studies reveal that the ductility ratio is not always a satisfactory and
complete measure of maximum inelastic response, rather the shape of the com
plete hysteresis curve is often required. The hysteresis curve is the best
measure of energy dissipation of elements or connections and its knowledge per
mits realistic analysis of an assembly of elements such as frames and wall
structures. It is usually established for moment-curvature, load-deflection,
or shear-slip of members or subassemblies of structures. At the end, however,
it must be known for the entire story or similar subdivisions of the structure.

Experimental Studies of Hysteretic Behavior

Many researchers have studied the effects of various parameters on the
shape of the hysteresis curve. The most important factors are: shear force,
bond slip, strain hardening of longitudinal steel, degree of confinement,
axial load, and the number of load cycles.

High shear and high axial compression produce a pinching of the hysteresis
curve which means a reduction in energy dissipation capacity and possibly an
unstable loop leading to premature failure. The effects of bond deterioration
are discussed in the next section and the effects of high shear and the use of
special reinforcement are examined in the subsequent two sections. The influ
ence of axial force is covered only briefly since it has been studied mainly
in joints and at hinges (see the report by James O. Jirsa). Very little is
known about the behavior of members with axial tension together with cyclic
shear and flexure.

One aspect of the hysteretic behavior of reinforced concrete structures
is of particular interest and is emphasized in this report. The load-deflec
tion or moment-rotation curve may contain a segment with a very low slope



(Fig. 1) followed by a rather stiff portion which is representative of hardening
systems. This kind of behavior, which develops only after a few cycles of load
ing, may be caused by bond slip, sliding shear, dowel deformation of bars, or
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Figure I Hysteresis Curve with Low Stiffness Segment

slip between frame and wall. It is quite different from the customary elasto
plastic hysteresis and could cause significant differences in dynamic response.
Sliding shear and the use of the corresponding hysteresis curve in dynamic
analysis is discussed in a later section in this report.

Several typical load-deflection hysteresis loops have been proposed for
reinforced concrete cantilever members in which flexural deformation dominate;
some of these are sketched in Fig. 2 [12,54]. Dv and Dmax are the yield and
maximum displacements, respectively, and a is about 0.4 to 0.6. The slope of
the reloading line is oriented toward the previous peak displacement point and
thus decreases with increasing prior displacement. The application of these
curves in analysis requires a set of rules that is ordinarily used to repre
sent all forms of energy dissipation. The degrading bilinear system is rela
tively simple and is recommended for use with 5% damping. Nonlinear analysis
with such curves can be rather complex as low-level cycles may occur between
the extreme amplitude excursions defined by the main hysteresis curve. Fur
thermore, various elements of a frame are ordinarily not at the same point on
the loop and the bookkeeping during analysis is complex. A degrading stiffness
representation, rather than bilinear or simple elasto-plastic stiffness, is
necessary to model intense response, especially for relatively stiff structures
[10,21].

Several researchers have demonstrated that previous loading history has a
great effect on the hysteresis loop. For example, one large amplitude excur
sion may reduce subsequent energy dissipation capacity significantly in com
parison with monotonically increasing amplitude in each cycle [30]. This be
havior complicates the problem so much that simplifying assumptions are neces
sary to reduce the number of permutations or amplitude sequences both for test
ing and for analysis.
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Hysteretic Representations in Analytical Studies

Many researchers have used various types of idealizations and hysteresis
rules in nonlinear analyses and have shown that good results can be obtained
when the idealizations directly correspond to the system being modeled. In
most cases, however, not all modes of stiffness deterioration were included
in the analysis and in the corresponding tests. Significant advances have been
made in system identification techniques that allow the determination of damp
ing and stiffness properties from test results, or enable linearization of non~

linear systems. Most nonlinear analyses are too complex for design use but
they are helpful in identifying the effects of various factors as well as in
aiding in the planning of test programs.

Many factors affecting nonlinear response have not yet been isolated or
studied sufficiently. Therefore, most analyses are reasonably accurate only
for the test program for which they were derived. If other factors modify
the behavior or if a different type of loading is applied, the agreement be
tween analysis and test is generally poor, especially after two or more load
cycles. Some of the factors that have recently been identified are mentioned
in the following paragraphs.

In one program it was found that strain hardening must be included in the
analysis [37]. The frequency content and the time variation of the spectral
content of the ground motion also affect the response of hysteretic systems
[30]. The loading rates occurring during earthquake excitation influence
primarily the flexural strength, though the increase in moment capacity demands
a corresponding increase in shear capacity if shear failures are to be avoided.



When cracking and bond-slip are not the dominating degradation effects,
the nonlinear cyclic behavior of plain concrete should be considered. It was
found that compressive softening of concrete under cyclic loading may have
significant effect on the load-deflection response of panels or walls [13].

Hysteresis loops are usually incorporated in stiffness analysis approaches.
One logical and relatively convenient formulation is to treat halves of beams
and columns between frame joints and midspan inflection points as cantilevers
and assign empirical flexibility properties to them. Several researchers used
this or similar idealizations. Members may also be idealized as rigid links
with parallel linear and elasto-plastic elements and with rotational springs
at their ends [37].

Analytical studies, coordinated with experimental research, are important
in reducing the number of variables or in studying their importance. Analyti
cal approaches can also use information from basic tests to study complex
systems, albeit with considerable simplifications, to reveal the interaction
of members, and to pinpoint problem areas. For example, in one analysis it
was found that inelastic interaction of motions in two directions greatly in
creases response [38]. Another study [3] showed that vertical acceleration
and gravity effects increase the demand for energy dissipation in multistory
frames. This tandem approach of experimental and analytical research, each
aiding and benefiting from the other, is an effective and productive approach.

ANGIORAGES AND SPLICES

Two questions have primarily concemed researchers: anchorage failure
and the effects of bond slip on the flexibility of structures. Few anchorage
failures during earthquakes have been reported but this is possibly due to the
fact that shear distress or collapse usually follows anchorage failures and
it is often hard to identify the primary cause. Anchorage failures occur where
insufficient web reinforcement is provided but then shear failure is also
likely.

Several column steel anchorages failed at the top of columns during the
San Femando earthquake. Major inclined cracks developed at bar cut-off points
during the Mexico City quake of 1957. Similarly, shear failures occurred at
cut-off points in long beams during the Guatemala earthquake and insufficient
column splicing caused column failures. Beam splices are ordinarily not sub
jected to large stress reversals from lateral loads, but the superposition of
vertical acceleration could create significant forces in beam splices.

Experiments have clearly demonstrated that bond and splice capacity may
be greatly reduced under cyclic loading [7,18,22,47]. Bond slip and the crack
width at highly stressed sections increase with cycling, especially when tensile
and compressive yield forces altemate in the bar. Overload creating large
strains in the bars also causes irreversible damage and reduces subsequent bond
capacity [7,22].

!vbst studies of bond fatigue have been concemed with relatively low
forces and large number of cycles. It was found that fatigue failure does
not occur for load amplitudes less than half the static pull-out load [47].
However, high-level revers ing loads can cause bond problems [1]. A thorough
review of bond and material behavior for rapid loading was recently completed
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[20], but the load levels considered were generally smaller than those generated
in a major earthquake.

Little information is available on the behavior of lapped splices. Impact
type tests of splices showed an increase in splice capacity even for reversed
loading not greater than the static capacity. Stirrups enhance the toughness
and ductility of splices [48J. Research is needed on the behavior of lapped
splices and mechanical splices at high-level load reversals.

Bond-slip curves have been proposed for analysis purposes [8,33,50]. Again,
load reversals drastically change the shape of the curves; unloading is stiff
and a sliding portion follows [29]. It was fOlmd that the hysteresis loop is sim
ilar to that in Fig. I, and it is necessary to use such curves to obtain good
analytical results for beams or for cyclic deformations of concrete panels [49].

Perhaps the most interesting effect, noted by several researchers, is the
large contribution of bond slip to frame deformations [5,22,30,52,54]. This
effect increases with cycling and may cause as much as 50% of the total tip de
flection of cantilever beam specimens. Thus bond slip is an important attri
bute of the hysteresis loop and influences the dynamic behavior of beams,
joints, and colUJInls. The width of the transverse crack increases with bond
slip, and therefore the interface shear transfer capacity across the crack is
reduced significantly, as is discussed in a subsequent section. Bond deterior
ation also greatly decreases the effectiveness of stirrups [26].

Bond slip introduces a low stiffness region in the hysteresis loop of a
flexural or tensile member and the resulting shape is similar to that shown
in Fig. 1. This decreases the reliability of dynamic analysis during low
amplitude vibration. It is questionable whether such a complex slip-type
hysteresis model should be used in building analysis, but it is an important
research topic.

Although several researchers have studied the problem, insufficient infor
mation is available on the effect of alternating tensile and compressive yield
forces on bond deterioration [7,8,22]. Most cyclic tests were performed at
working load levels. Ibwel shear impairs the bond performance of bars; this
is but one of the several variables important in this behavior.

SHEAR IN BEAMS AND COLUMNS

Shear failures have been especially conspicuous in reinforced concrete
buildings hit by major earthquakes. The shear force created by ground motion
is very large, especially when there is little energy dissipation in the
structure.

ColUJInls have failed due to shear alone or in combination with bending,
torsion, axial load, or the P-delta effect (for example in the San Fernando,
Tokachi-Oki, Mexico City, and Caracas earthquakes). Short members with high
shear-moment ratios are most vulnerable to shear failures. This occurs in
short beams spanning openings (San Fernando earthquake) or in columns free
between spandrel walls or light partitions (Guatamale earthquake). These
"captive" columns, shortened by lateral support as far as bending is concerned,
receive high shear forces.



Damage studies and research have prompted progressively more and more con
servatism in design for shear; now the limit has been reached whereby many de
sign for the maximum possible shear in a member, corresponding to actual flex
ural capacities and actual support conditions.

For an unsupported length Lu the maximum shear in a member is

where C1'!u)t and U'!u)h are the top and bottom flexural capacities at the ends of
the unsupported length Lu. These moments should be calculated considering all
factors that could increase them, such as higher than specified yield strength
of the bars, strain hardening (a factor of about 1.3), high rate of loading
(also a factor of about 1.3), contribution of slab or panel, and additional
longitudinal splice steel or longitudinal web reinforcement. Sometimes Lu is
quite small because of architectural elements attached to the column. In
these cases the shear may be so high that it is impossible to design for it
and the structural configuration must be changed. Often full and ductile shear
walls offer the best solution.

Unfavorable research results have forced some researchers to recommend
calculating the shear capacity of concrete members based on the confined core
only when. axial compression is present and relying on transverse reinforcement
only when significant axial compression is not present [55]. In any case the
maximum shear stress should be considerably less than 101FE. The question of
shear capacity with axial tension has not been studied except at transverse
cracks (see the next section).

One of the most significant developments has been the realization that in
clined steel is more effective than transverse stirrups in preventing shear
failures mder reversed cyclic loading; this has not been found for static load
ing [5,25,42]. This is especially critical where sliding shear occurs. In
clined stirrups or bars prevent excessive slip along the crack. Web steel in
an x-shape is particularly effective; when these bars are confined to avoid
buckling of the compression bars, a 75% increase in the energy dissipation was
achieved [30].

Researchers in Japan have found that a shear span to member depth ratio
of at least two and an axial force less than a third of the axial load capa
city are necessary to have flexural rather than shear failure and sufficient
ductility. Closed ties, with every longitudinal bar ties (in the corners or
with tie pins), or spiral steel are equally good if the shear reinforcement
ratio is at least 0.6% [55]. The energy dissipation in such a case increases
by about 75% 130]. Rectangular hoop ties, that envelop all bars but leave some
bars not in a comer of the stirrups or not secured with tie pins are not
satisfactory.

Closely spaced stirrups are frequently necessary to provide adequate
energy dissipation capacity, but sliding failure is still possible along trans
verse cracks between stirrups; that problem is examined in the next section.

A number of engineers have proposed the soft first story concept for the
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design of buildings. However ~ based on the relatively poor perfonnance of col
umns in earthquakes and considering the many factors affecting their behavior,
that avenue does not seem prudent. In usual structural engineering practice
there is no hann overdesigning members and most of the knowledge developed and
fonnulated in codes are typically on the !'safe side". Yet, a soft first story
must not be overdesigned or underdesigned; it has to be just right or within
narrow limits as far as stiffness is concemed. Furthermore, analyses showed
that very low yield levels and elasto-plastic column resistance are necessary
to shield the rest of the structure from attracting seismic energy and that the
ductility demand in the soft first story is high 19].

SLIDING SHEAR

An important failure mode involves 'shear sliding at open cracks produced
by flexure or tension. The resisting mechanism has been named "interface
shear transfer" or 1ST 12]. It is made up of aggregate interlocking and shear
friction. Ibwel forces in embedded bars nomal to the crack and axial and
dowel forces in bars crossing the crack at an angle also contribute to the
shear stiffness at open cracks.

Sliding shear failures or at least significant slips along cracks have
been observed in earthquakes. In Skopj e a 5 to 8 an (2 to 3 in.) displacement
occurred at a wall 146]. Shear walls slipped relative to beams along wide
cracks between them in Caracas. The box structure of the Nethercutt Museum
displaced about 10 rnrn (3/8 in.) at a construction joint in the 200 rnrn (8 in.)
wall during the San Femando earthquake. Slips at construction joints of shear
walls were noted in the Alaska earthquake.

Sliding is greatly facilitated by the fact that static friction may be
greatly reduced or even eliminated during earthquake excitation. The combined
effects of horizontal and vertical vibrations may exhaust the static friction
and then relatively small shearing forces can cause sliding. This question has
not been studied and all infonnation on interface shear transfer is based on
static tests or low frequency dynamic tests.

Sliding shear may occur in beams at column faces if altemating flexural
yielding opens the crack; this is especially critical in coupling beams. In
cyclic shear tests of cantilevers, transverse cracks fonned at every stirrup
and sliding shear deterioration developed [8] for deflection amplitudes five
times the yield deflection or more. Sliding shear can develop along horizon
tal cracks in shear walls and columns. Such cracks were observed in earthquakes
and in tests of single- or multistory models [36]. Tension cracks were ob
served even in beams.

Sliding shear failures or distress was observed in frame-shear wall tests
[35] and in short beam tests 16]. A complete tension crack was noted at the
base of the bottom column of a three-story model structure subjected to ground
acceleration [36] which was not predicted by elasto-plastic analysis. Local
crushing at the same plane increases the width of the crack and causes poor
interface shear transfer capacity during cyclic loading.

Sliding shear distress may also develop in walls. Several tests [4],
field observations, and analyses showed net tension and even yielding in walls.
Sliding along horizontal joints is an important problem in the design of shear



walls [4lJ. Sliding between a steel frame model and infill wall also resulted
in a hardening stiffness model 114J.

The importance of interface shear transfer in columns in tension has not
been examined. Yet, for example, for a 400mm by 400 mm (16 in. by 16 in.) col
umn with eight #9 bars the crack width is about 0.5 mm (0.02 in.) whenpure ten
sion produces stresses close to yield in the bars (from overturning effects and
vertical acceleration). Such cracks usually form at ties and therefore the ties
closest to a crack would be one tie spacing away. As is shown subsequently in
this section, in the absence of transverse reinforcement close to the crack th.e
reversed cyclic interface shear transfer capacity for such crack widths is of
the order of 1. 4 to 2.1 MPa (200 to 300 psi), and considerable slip and crack
deterioration may occur at lower stresse's. The dowel capacity of the bars is
equivalent to only about 0.35 MPa (50 psi); thus sliding shear distress is pos
sible in columns subjected to tension. For a given interstory relative dis
placement of, say 13 mm (0.5 in.), the compression columns (or walls) would
deform in shear and flexure but the tension columns (or walls) would also have
to distort the same amount and could tmdergo damaging sliding shear displace
ments. A slip of less than about 1 nun (0.05 in.) is already harmful; such a
slip is quite conceivable considering the relative magnitudes of approximate
sliding shear and column lateral stiffnesses.

Several approaches have been developed for the study of cyclic interface
shear transfer across open cracks in concrete. In some experimental investi
gations [16] the crack width was held constant during shear cycling. In another
study the bars were yielded first to produce the desired initial crack width
[32]. In a third approach the bars crossing the crack were stressed in tension
during the shear cycling; the tension was applied to obtain the desired initial
crack width [27]. An important factor affecting the behavior of interface
shear transfer is the amotmt of steel near the crack. Reinforcement parallel
and close to the crack delays or prevents shear deterioration because the con
crete is confined. In addition, diagonal cracks are not allowed to propagate
from the crack plane, and dowel splitting is restrained. The mechanism of in
terface shear transfer for various types of experiments is described in several
papers [16,27,32J.

A significant contribution has been the demonstration that heavy diagonal
reinforcement is an effective means of controlling sliding shear in beams and
walls [6,25,40,42]. The diagonal bars must be confined to avoid their buckling,
and in applications where progressive straining of the normal bars opens the
crack, the diagonal cross reinforcement is expected to take the entire shear.

The cyclic behavior of two beam specimens, one with normal web reinforce
ment and another with inclined steel, is sketched in Fig. 3; only some of the
hysteresis loops are shown. The hysteresis loop for the member with diagonal
steel does not have a low-load soft portion because little sliding occurs even
if the crack does not close during cycling.

In another study the use of diagonal crossing struts at the fixed end of
cantilever specimens resulted in a 50% increase in energy dissipation capacity
compared with specimens generously reinforced with transverse stirrups [6].

The hysteresis curve for shear forces versus shear slip produced by inter
face shear transfer is again similar to the one shown in Figure 1. The
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mechanics of slip is illustrated in Figure 4. There is a nearly free slip be
tween the two extreme positions where crack irregularities touch and bearing
develops in both directions. The surfaces wear down during cycling and the
slip increases. As bearing between the concrete surfaces develops, the stiff
ness increases and further slip results from a combination of bearing compres
sion and sliding of the sloping contact surfaces leading to a widening of the
crack. The relative magnitudes of the bearing and frictional resistances de
pends greatly on the axial stiffness of the reinforcing bars across the crack
and on the dowel effect of the same bars.
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Open crack Sliding in one direction

Figure 4 Shear Displacement Along Crack

A large number of variables affect interface shear transfer, especially
its degradation with load cycling: initial crack width, parallel reinforcement
near the crack, axial bar stiffness, shear force magnitude, dowel contribution,
type of aggregate, and frequency content of loading. Only some of these fac
tors have been studied sufficiently to permit reliable conclusions [16,27,32].

A typical set of hysteresis loops is shown in Figure 5 for a 0.15 m2 (225
in. 2) shear area reinforced with two #14 bars having 214 MPa (31 ksi) initial
axial stress [24]. The crack width increased continuously from an initial
value of 0.5 mm (0.02 in.) to about 0.7 mm (0.027 in.) and the slip to about
0.5 mm (0.02 in.) during 40 cycles of loading with applied shear of +1.4 MPa
t.200 psi). In the 38th cycle the stress in the bars was increased to 280 MPa
(41 ksi) and cracks were observed forming planes through the bars parallel to
the applied shear. The specimen failed in a brittle manner at a shear stress
of about 1. 6 MPa (230 psi) during the 42nd cycle. The hysteresis loop did not
change much after about the tenth cycle.

In another test four #9 bars were tensioned to 227 MPa (33 ksi) and sub
jected to cyclic shear stresses of 1.1 MPa (160 psi). The crack width and slip
increased very little from their values (9.5 mm or 0.02 in. and about 0.13 mm
or 0.005 in., respectively) during the first cycle. Little distress was noted
even after 30 cycles. The essential difference between these tests is dowel
effect of the bars; the two #14 bars have greater dowel stiffness and dowel
splitting capabilities. Note that the steel areas were approximately equal
(about 2% steel) and therefore the kinking of the bars did not playa role as
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it might wi th much smaller bars [43], consequently it was not necessary to
reach appreciable slip before mobilizing dowel forces.

Typical shear stress values that produced stable or only slightly degrad
ing hysteresis loops were 1. 7 MPa to 2. 1 MP (250 to 300 psi), for initial
crack width of 0.25 to 0.64 rom (0.01 to 0.0~5 in.). Single-directional shear
gave significantly higher capacities, though dowel splitting is possible at a
stress of less than 2.8 MPa (400 psi) in members with large bars. Dowel split
ting can develop in the direction of the shear force or normal to it.

In the other types of tests, where parallel steel was provided near the
crack (within about 50 rom or 2 in.), or where the transverse steel was not
highly stressed during the test, the unidirectional shear capacity was much
larger and the reduction in shear capacity due to shear cyclic was only about
20% [32]. A typical set of load-slip curves is shown in Figure 6, illustrat
ing the effect of initial crack width.
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Significant sliding shear contributes to the bond deterioration and crack
width increases, and all of these factor decrease stiffness and energy absorb
tion capacity. For example, a shear stress of about 2.4 MPa (350 psi) led to a
stiffness that was only 50% during the first cycle and only 12% after loading
four times to the yield level in both directions, compared with another speci
men with a shear stress of 1.6 MPa (230 psi) and loaded similarly [32].

It is evident, that such loss of stiffness at modest shear stresses should
be avoided wherever open cracks and shear might occur. It was suggested that
hinge formation in beams should be forced a distance away from the colunm face
[6], mainly to reduce bond deterioration.
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Shear transfer across construction joints was also studied I43J and design
equations were developed for the case where vertical compression acts. Only in
heavily reinforced joints did cyclic loading at 4.8 MPa (700 psi) cause contin
uing loss of stiffness. Joints that were prepared only by trowelling showed
large slips once the bond was- broken. Open cracks, tension, and the deteriora
tion of interface shear transfer were not considered.

Analysis with 1ST

Only a few analyses were explicitly considering interface shear transfer.
M::>st studies, mentioned in the following paragraphs, predicted open tension
cracks and simultaneous s-hear and thus identified instances Wlere 1ST may be
important. Other investigations included 1ST effects by assuming a hysteresis
curve of the kind shown in Fig. 1, though in most cases the assumed or measured
hysteretic behavior represented several effects (bond slip, high shear, dowel
splitting, high axial force, and 1ST). Interface shear transfer was directly
considered in at least one study.

Dynamic analysis of a coupled shear wall building resulted in a shear
force of 28% of the total force in a wall that was yielding in tension [53].
It was necessary to consider inelastic axial stiffness of the wall even though
1ST and dowel degradation of the wall were not included. In this and in most
other studies, stiffness degradation was assumed to be proportional in various
members of the structure or proportional in flexure and shear. However, shear
stiffness reduces faster than flexural stiffness [44J, and this may affect the
results in certain applications.

Hysteretic behavior with 1ST was considered in an analytical study of
seismic shear transfer in nonprestressed nuclear containment shells [51]. Al
though the stiffness properties of such a structure are not similar to those
in most buildings, the lessons learned are applicable. Horizontal cracks in
the cylindrical shell result from internal pressurization which may develop
concurrent with the earthquake. Shear is transmitted by a combination of 1ST
and dowel action if diagonal bars are not employed. A parallel experimental
investigation, mentioned above, provided the information necessary for the
analysis.

The hysteresis loop was idealized as shown in Figure 7, based on a test
having two #14 bars (Figure 5). The hysteresis loop is 1-2-3-4-5-6 for shear
stresses +1.4 MPa (+ 200 psi). For lower shear stresses the rules for using
the hysteresis curve are: unloading from A is parallel to 2-3 and reloading
from C (line C-D) is parallel to 1- 2 and it has greater stiffness whenever
loading starts from a stress level higher than point 1. Unloading from a
point higher than point 2 is along E-F which is parallel to 2-3. Thus the
hysteresis loop changes with each cycle and is different for each crack in the
structure. A linear stiffness was used in the first cycle, as indicated by
tests. The crack f1exibilities were incorporated in the regular flexibility
matrix of the structure. Great care had to be taken at sudden c.hanges of stiff
ness (such as at B or 3) to represent the change accurately during the numeri
cal integration.

System identification procedures 115] resulted in an equivalent linear
system that gave response close to the nonlinear analysis prediction even for
such a highly nonlinear case, at least for the particular synthetic earthquake
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used. This indicates that the approach may be viable in the development of
earthquake-resistant design procedures. However, the generality of system
identification methods is questionable as other types of ground excitations may
result in different response.

It should be pointed out that experimental evidence is needed for a wider
variety of geometric and loading condition to assure that the interaction of
all factors is' properly assessed. In none of the 1ST studies were the forces
in the transverse bars cycled and thus bond deterioration was not great. (The
forces in these bars do vary as the crack width changes during cycling, but
this variation is not consequential). In actual structures the transverse bars
may reach yield in both tension and compression and this could seriously reduce
interface shear transfer stiffness and capacity.

RESEARGI NEEDS

Based on the infonnation reviewed in preparing this report the following
questions need further investigation;

1. Column behavior considering alternating high level tension and com
pression, combined with reversed cyclic shear, flexure, and torsion.

2. Interface shear transfer degradation considering dowel splitting,
frequency content of excitation that alters the friction, and the
amount of reinforcement near the crack.

3. Effect of earthquake duration and load history on response, damage,
and hysteretic behavior and the establishment of a few classes of
time histories of motion to provide realistic guides to researchers
using static and simulated earthquake loading.

4. Sliding shear between walls and beams, and the ties between walls
and beams or grade beams.

S. Sudden load transfer from walls to frames.

6. Behavior of short (captive) colunms supported by walls over part of
their lengths.

7. Behavior and design of grade beams and walls tied to them using verti
calor diagonal steel.

8. Relationship between energy dissipation capacity, stiffness variation,
and maximum displacement for various structural elements.

9. The flexural behavior and ductility requirements of beams near midspan,
considering gravity effects, vertical acceleration, and splices.

10. Study of the feasibility of standard preassembled beam-colunm joint
bar cages for typical applicatioreand for several types of concrete.

11. Various rates and types of degradation at different parts of a struc
ture.

SUMMARY AND CONCillSIONS

This report reviews recent progress in the study of the behavior of rein
forced concrete frames subjected to earthquake forces. Shear and bond effects
are emphasized outside beam-colunm joints and away from flexural hinges. The



following are the II)ost signiiica,nt findings, conclusions and ideas;

1. Reversed cyclic loading completelY alters the behavior of reinforced
concrete elements, especially when bond, shear, high level flexure,
or interface shear transfer across a crack are important factors in
the load· carrying mechanism. Infonnation obtained from 1IDidirectional
monotonic loading can rarely be extrapolated or used in the cyclic reo
versed loading case.

2. Great care must be taken in design to assure energy dissipation capa·
city in columns lIDder the combined action of compressive or tensile
axial force, shear, flexure, and torsion.

3. Bond· slip of longitudinal bars is a significant source of flexibility
and may aCCOlIDt for as much as 50% of the total deformation of members.
It may also lead to increased crack width that can produce sliding
sfjear distress along the crack if the loading is reversed to high levels.

4. Low beam shear (less than about 1. 4 MPa or 200 psi) may be transmitted
at the column face if closely spaced stirrups are used. Higher cyclic
shear (about 2.4 MPa or 350 psi or more) seriously decreases beam
stiffness and energy absorption capacity lIDless diagonal crossing main
reinforcement is used. Even higher shear (of the order of 101Q)
seriously impairs the earthquake resistance of the member and should
not be permitted in seismic design.

5. Nonlinear analysis procedures using degrading hysteresis curves can
predict the dynamic response of structures if bond-slip, sliding shear
deterioration, and strain hardening are included. This is currently
possible only in the first few cycles. In some cases additional fac·
tors, such as gravity loading, vertical acceleration, and degrading
concrete response must also be included in the analytical approach.

6. There are many problems that have not been studied sufficiently, the
most important ones are listed in the previous section.
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INTRODUCTION

Studies of the behavior of reinforced concrete members or frames under
simulated earthquake loadings have expanded our knowledge rapidly in the past
ten years. It is quickly apparent that the amount of work that has been done
cannot be reviewed adequately in one short paper. The purpose of this report
will be to call attention to those studies which appear to'be the most appli
cable to the problem of design of earthquake resistant construction of rein
forced concrete frames.

Categorization of Investigations

The approaches used by various investigators may be quite different, but
generally fall into one of several categories:

(1) Material properties
(2) Isolation of behavior of one aspect of member response--e.g., bond

and anchorage tests, flexural strength and ductility of sections, or
shear strength of members

(3) Behavior of frame subassemblages consisting of multiple members and
the connections or joints between them

(4) Studies of complete structures

It is evident that as one proceeds down the list, the response obtained
at any level is related to the response obtained from tests at lower or pre
ceding levels. Under monotonic loading a certain hierarchy can be estab
lished where the material properties, relationships between steel to concrete
bond and other elemental response characteristics can be combined to predict
member response in the form of moment-curvature or load-deformation character
istics. These can then be combined to predict the response of frames or
frame subassemblages. At each level it is possible to run tests to check the
validity of the model used to predict response at that level. Once satisfac
tory agreement between model and test is obtained, the model can be used to
develop design recommendations. At any level the response may not be possi
ble to predict using lower level response characteristics and empirical
relationships must be relied on as in the case of shear strength.

Cyclic Loading

When the structure is subjected to reversed or cyclic loadings producing
large inelastic deformations, the hierarchy described previously becomes dif
ficult, if not impossible, to apply. The response at any level becomes path
oriented--that is, the response is a function of that which has happened
before. Many attempts have been made to use material properties to predict
section, member, and finally structure response under cyclic loading, but
have met with varying degrees of success. The models proposed by Ma, et al.
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[18] are one example. Much more success has been achieved by modeling
force-deformation relationships for members or structures under cyclic loads
without attempting to model lower level response characteristics. The
approaches used by Takeda, et al. [27] or by Atalay and Penzien [5] are
examples of such models.

The discussion here will be limited to studies in categories 2 and 3.
Other reporters will discuss material properties (category 1) and investiga
tions of total structure response (category 4). It should also be noted that
this discussion will be confined to response of members and subassemblages
under static loadings.

LOADING HISTORY

If the design of frame structures for seismic loadings is to advance,
some attention must be given to the loading history imposed on the structure,
member, or section during an earthquake and to model this loading in the
experimental program. It is quite possible to produce different answers to
questions regarding structural behavior by varying the loading history.
Examples of various loading history [6,11,16,31] used in experimental inves
tigations are shown in Fig. 1.
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Fig. 1. Various Types of Loading History

The differences are readily apparent. In some cases the load is cycled
between prescribed deflection limits until failure or severe distress is
observed. In other cases, the deformation limit increases after the applica
tion of a number of load cycles at a given limit--a steadily worsening
earthquake. A further complication arises when deformations used to control
the loading history are not directly comparable, such as deflection in one
case and member rotation or curvature in another.

Influence of Loading History on Response Characteristics

It may not be necessary to have "standard" loading routines used by all
investigators, but it is important that users of experimental results are
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cognizant of the influence of loading history on response in evaluating
experimental data. In fact, there may be merit in diversity because there
will be a greater need for more thoughtful comparison of test results. Load
deflection curves are shown in Fig. 2 [16] for two specimens subjected to the
loading history shown in Fig. l(c). The performance can be compared visually
by noting the "pinching" of the curves toward the origin in Fig. 2(a) indi
cating less satisfactory energy-absorbing characteristics. The specimen in
Fig. 2(b) exhibits fairly stable hysteretic behavior at each series of loading
at a given deflection limit. Note that it is farily clear in the early cycles
of loading that the response of the specimen shown in Fig. 2(a) is inferior to

Fig. 2. Lateral Shear-Deformation Curves [Ref. 16]

that of Fig. 2(b). From the response shown for the specimen [30] in Fig. 3
[load history in Fig. lea)], it is evident after the second cycle that the
performance of the specimen is unsatisfactory. Poor performance will gener
ally be evident after a relatively few load applications and subsequent
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loading only confirms the trends
evident initially. Higashi, Ohkubo,
and Ohtsuka [15] conducted a series
of tests using loading patterns,
shown in Fig. l(c), on companion
specimens subjected to either three
or ten load reversals at each
deflection level. The results indi
cate that increasing the number of
cycles did not alter the response
substantially. Of greater signifi
cance was the severity of the rever
sal. Where specimens were subjected
to equal deformation levels in each
direction (CL loading), the strength
degradation was more rapid and
severe than when the deflection in
one direction was limited (AL load
ing), as shown in Fig. 4. Both
types of loading caused a more rapid
decay of strength than for mono
tonic loading (SL).
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Fig. 4. Influence of Load History [Ref. 31]

FRAME DESIGN CONCEPTS

Weak Beam-Strong Column

The approach to experimental work in reinforced concrete frames reflects,
to a great extent, design philosophy. There is a general consensus that
hinging and inelastic deformation should be concentrated in flexural members.
Columns and joints should be designed to force hinging in the beams. Some
fairly complex reinforcing arrangements have been devised [7] to promote the
development of hinges at desirable location (Fig. 5).

Biaxial Loading

Frames are generally designed considering that each principal direction
resists lateral forces independently of the orthogonal direction. As a
result, research has been limited to tests of members or subassemblages of
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Fig. 5. Special Reinforcement for Development of Hinging [Ref. 7]
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planar frames. Analytical studies indicate that two-dimensional response
characteristics may be considerably more severe than when only one direction
of motion is considered. For example, planar analysis of the Olive View
Medical Center [3] did not adequately explain the extent of damage and defor
mation. Aktan, Pecknold, and Sozen [2] compared lD and 2D response of a
reinforced concrete column subjected to various ground acceleration records.
A comparison of the relative displacements of the column for one record (Taft
1952) is shown in Fig. 6. From this study it was concluded that calculations
based on one horizontal component of ground
motion were unconservative compared with
the displacement obtained from a considera
tion of both components. Takizawa [28] and
Selna, et al. [25], have undertaken similar
studies to determine the influence of bi-
axial deformations on reinforced concrete
column response. However, there is very
little experimental work available to com
plement the analytical studies. Extensive
research, both experimental and analytical,
is needed to ascertain the importance of ~ ...o
bidirectional loadings and to evaluate the I
strength of frame structures under such i
loadings. ~ 3D

General comments regarding the rela
tionship between design and experiment and
the differences produced by test procedures
or analytical studies serve to set the
stage for a discussion of specific measures
of structural performance. Design eventu
ally reduces to questions for which speci
fic answers are needed; e.g., What area of
transverse steel and at what maximum
spacing?
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Fig. 6. Comparison of Computed lD
and 2D Response [Ref. 2]



SHEAR IN BEAMS AND COLUMNS

The performance of members failing in shear under planar lateral forces
and axial compression has been studied fairly extensively. Some of the types
of test specimens utilized are shown in Fig. 7. An extensive test program
conducted in Japan, summarized by Higashi and Hirosawa [16], provides a sum
mary of the types of behavior or mode of failure to be expected in members
subjected to load reversals. Using load histories, as shown in Fig. l(c),
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e) Bertero and Popov(6)

Fig. 7. Type of Test Specimen

the characteristics of the member performance were summarized as follows:
A. Very ductile members failing in shear or buckling of compression

bars at large lateral deformations.
B. Ductile members failing in shear, bond deterioration, or bar

buckling at ductility ratios (6/6 ) between 4 and 6.
C. Members reaching yield but failin~ in shear, bond, or bar buckling

in early stages of loading.
D. Members failing in shear or bond before flexural yielding is reached.

Hinging Regions Failing in Shear

Members failing in Cases A, B, and C reach flexural yield strength and
then, depending on the severity of loading, fail in shear, bond, or bar
buckling. Generally, such members would perform satisfactorily under uni
directional loading. Gosain, et al. [9], proposed an approach for estimating
the relationship between severity of loading and shear resistance in hinging
regions using the area under the load-deflection curves. Rather than compute
the actual area under the curves, a simplified procedure was used. First,
the load-deflection curves were normalized with respect to yield values
(PIP and 6/6). From the normalized load-deflection curves, the maximum
defl~ction ra¥io was determined for each cycle. In the tests considered, the
deflection ratio in each direction from the origin was about equal. The work
index I for each cycle in which the load reached at least O.75P was calcu
lated. wFor the entire load history, the work index was expresse~ as
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where n = number of cycles with PIP ~ 0.75 and for simplification PIP was
taken as unity since values likely ~ill fall between 0.75 and 1.25. y

Examination of load-deflection curves indicated that the work index was
sensitive to the shear span-to-depth ratio (aId) and to the level of axial
load (N/A ) on the member. Figure 8 shows the pinching of load-deflection
curves to~ard the origin with low shear span-to-depth ratios and with low
axial load. To reflect these effects, the work index was modified

(2)

Only core dimensions were used because the outer shell tends to spell away at
early stages of loading leaving the core to carryall forces.
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Fig. 8. Influence of Axial Load (N/Acore ) and Shear
Span (aIde) on Response

Maximum Allowable Shear Stress. Figure 9 shows the relationship between
modified work index and measured ultimate shear stress. A fairly clear trend
is observed and a straight line with 90% confidence limits has been drawn to
highlight the trend. A similar plot for the relationship between the amount
of transverse steel and work index revealed a trend toward higher work
indices with high amounts of transverse steel (but with greater scatter).
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Fig. 9. Variation of Modified Work Index with
Ultimate Shear Stress [Ref. 9]

Depending on the performance required, the maximum allowable shear stress on
the core can be estimated. Assuming that a performance equivalent to 5
cycles at 5 times the yield deflection is required, shear stresses on the
core should not exceed about 6,R. In addi tion, the study showed tha t the
transverse steel should provide aCcapacity approximately equal to that pro
vided by the concrete so that

A
v

P f = -sbw y c
(3)

where s is the spacing of stirrups, bc is the core width, and A is the area
of transverse steel. These values are similar to those recomme~ded by the
other inves tiga tors [6].

Buckling of Longitudinal Reinforcement. Failure of hinging regions is
often a complex interaction between shear deformation, concrete crushing,
bond deterioration, and longitudinal bar stability. Because the shear defor
mation is primarily across flexural cracks almost normal with the direction
of bending [8,10], the reinforcement serves more as confinement for the core
than as a shear-carrying element. In addition to confining the core, it
binds the longitudinal steel to the core and reduces the unsupported length
of compression bars. To provide adequate lateral support, Gosain, et al. [9]
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recommended spacings not exceeding 6 longitudinal bar diameters, Bertero and
Popov [6] recommend 6 to 8 bar diameters, and Higashi and Hirosawa [16] recom
mend 8 bar diameters.

Bond Failures. The influence of bond and anchorage will be discussed by
Prof. Gergely in another report, but brief mention is made here of problems
associated with such failures. Higashi and Hirosawa [16] indicate that using
the concept of bond stress was not adequate to explain the failures observed.
Rectangular hoops were not as effective as spiral hoops in improving bond
characteristics. One approach to improvement of bond in the hinging region
is to limit the flexural capacity of the section to some fraction of the
shear capacity at the end of the hinge (a distance from the face of the sup
port equal to the effective depth) where bond failures were observed to start.
It should also be noted that bond deterioration within the joint aggravates
distress in the hinging region. As the bars slip within the joint, flexural
cracks in the member widen and reduce the effectiveness of shear transfer
across the crack.

It should be noted that where the section is subjected is subjected to
tension, similar failures may be produced but very little experimental work
has been done regarding sections in tension.

Biaxial Load Reversals. Figure 10 shows some results of a recent study
by Okada, et al. [21], on reinforced concrete members under biaxial load
reversals and constant axial load. The specimens developed flexural hinges.
Under biaxial loading the specimen deteriorated more rapidly, as indicated by
the restoring force history.
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Fig. 10. Biaxial Lateral Loading of Columns [Ref. 21]
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Interaction of
M-P-V

v

Fig. 11.

A special problem with regard to shear
strength is the scale of the specimen. Large
scale tests are needed but the difficulties in
applying large axial loads have prevented inves
tigations of such magnitude. Virtually all
existing tests on the shear strength of columns
have been conducted on relatively small columns
with axial compressive loadings. Because frame
structures may be subjected to overturning
effects, or vertical accelerations, tensile
loads may be produced which will likely reduce
the shear resistance of the column. When scale effects, tensile loadings,
and bidirectional lateral loadings are all considered, it is clear that this
area needs to be studied in depth for an understanding of shear strength
which will lead to the development of design recommendations covering a
variety of load cases.

Columns Failing in Shear. Where failure occurs prior to the achievement
of flexural yielding, the failure is generally of a brittle nature and, under
reversed loading, is characterized by a rather rapid degradation of shear
strength. Where flexural yielding occurs, adequate ductility is generally
obtained; however, hinging in columns is to be avoided in most designs.
Therefore, it is essential that the designer also prevent shear failure in
the column from occurring before flexural hinging in the beam occurs. Where
this cannot be done, the frame will have to be designed for lateral loads
based on the maximum shear strength of the columns. Unfortunately, the M-P-V
interaction for columns (Fig. 11) has not been adequately described and esti
mates of shear strength under various combinations
of M and P cannot be made at present.
Wakabayashi [30] has discussed this problem in p+
some detail.

BEAM-COLUMN JOINTS

As indicated previously, the basic premise underlying the design of
frame structures is that inelastic deformations should occur in the members
and the joint integrity should be maintained throughout the loading history.
A number of investigators [11,12,14,20,22,29] have examined the problem of
beam-column joint behavior under cyclic loadings and current design proce
dures are based on those studies. It is interesting to note that the
approach used for design varies considerably depending on the interpretation
of test results and on the joint performance required.

Shear Strength

The design of connections between the beam and the column requires that
the joint shear strength be sufficient to fully develop the moment capacities
of the member at the joint. If planar action is assumed, the moments and
shears acting on a freebody of the joint are as shown in Fig. 12. The shear
acting on a horizontal plane through the joint can be expressed as



v = 3.5 Jf/(l + 0.002N fA )
c c u g
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The forces T and T' + C
2

are a function of
the area of ±ongituainal beam reinforcement
provided and the s tress reached in tha t
reinforcement. In a design recommendation
by ACI Committee 352 [1], a stress of
1.25f is suggested to reflect the increase
in st¥ess due to strain hardening when the
beams are subjected to large inelastic
deformations. The increase in stress at
hinging regions of members subjected to
moment gradients has been well-documented
[1]. The ACI 352 report suggests that the
shear in the joint is carried by the sum
of the shear capacities of the concrete
and the transverse reinforcement.

Concrete Contribution. In the
ACI 352 recommendations, the concrete
is considered to provide a unit shear
stress

Fig. 12. Freebody of Joint

(4)

where N fA represents the compressive stress on the section from axial loads.
The equRti6n was originally derived from tests of members and the applica
bility of the equation to joints is questionable. A review of the test
results suggests that joint strength under load reversals is not significantly
affected by the magnitude of column load--a conclusion which is reflected in
a shear strength equation for the concrete proposed by Meinheit [20].

v " 12 Kc c
(5)

Park and Paulay [22] recommend that the concrete not be considered .in shear
strength calculations and that the transverse reinforcement be designed to
carry the total shear. This recommendation is based on the behavior of joints
under large reversals in which the concrete in the joint becomes severely
cracked and distorted and the shear capacity decays rapidly under load rever
sals finally becoming ineffective.

The ACI 352 report [1] increases the shear stress from Eq. (4) by a
factor of 1.4 for the beneficial influence of lateral intersecting beams
which cover not less than 50% of the side face of the joint. Meinheit pro
poses that Eq. (5) be increased by a factor of

1 + 0.25 [(width of beam)f(width of column)]

which results in a maximum adjustment of 1.25.

(6)

It should be noted that the equations for shear carried by the concrete
and for the influence of lateral beams are based on tests in which only planar
forces were applied. No information is available on the effect of biaxial
loadings nor on the influence of axial tensile forces on the column.
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Transverse Reinforcement. The ACI 352 recommendations require that the
transverse reinforcement provide the difference between the joint shear and
the shear carried by the concrete.

v '" v. - v '" P f
S J c w Y

where p is the percentage of transverse reinforcement (A /bs) and f is the
yield s¥rength of the transverse steel. Sugano and Korei~hi [26] al~o sug
gest an additive approac~ut reduce the importance of transverse reinforce
ment by using v '" 2.7 ~p f. Meinheit [20] suggests a departure from the
additive procedflre by adj~s~ing the shear carried by the concrete in Eq. (5)
to reflect the confinement from the transverse reinforcement. The shear
stress v is multiplied by 1 + 6p , where p represents the volumetric ratio
of the tfansverse reinforcement. sSome mini&um value of P is needed in all
cases, probably about 0.01. (For a square column with pe~imeter transverse
hoops, Os"" zPw·)

/

fG" 4000 pli

', ••0 ....

Shear Strength of Joint
VB. Transverse
Reinforcement

i 1000

Jl
:;J,,,.

Fig. 13.

The differences reflect the manner in
which the equations were derived. The
linear relationships, ACI 352 [1] and Park
and Paulay [20], are extensions of beam
shear equations, modified for the effects
of reversed loadings. The beam shear
equations reflect classical shear theory-
truss analogies. The equation described
by Sugano and Koreishi is an extension of
empirical studies carried out by Arakawa
[4] adjusted for beam-column test data.
The shear strength proposed by Meinheit
is based on a regression analysis of
test da ta.

Comparison of Design Approaches. Figure 13 shows the shear strength of
the joint relative to the amount of transverse reinforcement. As can be seen,
the additive approach in which the
strength of the joint increases linearly
with an increase in transverse reinforce-
ment produces very high shear strengths.
The Japanese approach is additive, but
with diminished reliance on transverse
reinforcement. The approach proposed by
Meinheit leads to values about equal to
those suggested by Sugano and Koreishi.

Anchorage of Reinforcement

In beam-column joints anchorage of reinforcement becomes a concern
because of the adverse effects of loading reversals on stress transfer between
steel and concrete. At interior joints, anchorage is a problem in relation
to stiffness and energy absorption, while at exterior joints strength, as well
as stiffness and energy absorption, may be affected by anchorage
charac teris tics.
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0) Force Equilibrium Required by Strain Compatibility

bl Force Equilibrium Because of Shear and Bond Failure

Forces on Joint-Bond FailureFig. 14.

Interior Joints--Straight Bars. Figure 14 shows the forces acting on a
freebody of the joint if strain compatibility is maintained. Figure 15 is a
record of strains in the
longitudinal beam bars
at the column face of a
beam-column joint under
cyclic loading [20].
Note that at load stage
27 the #8 bottom bars,
which should be in com
pression, are in tension
in the east beam as a
result of a loss of bond
through the joint pro
duced by the large
inelastic tensile defor
mations of the #8 bars
on the opposite face
(west beam). The free
body for the section con
sidering the loss of bond
is shown in Fig. 14.
Figure 16 shows the inability of the east beam to develop yield moment at
load stage 27 because the #8 bottom bars were not carrying compressive
stresses.

..xlQ 1000 __ l1OOO
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Fig. 15. Measured Strains in Longitudinal Bars through Joint [Ref. 20]
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Studies by Hassan and Hawkins [13]
on simplified models also exhibit pro
gressive bond deterioration under
cyclic loading and stress the impor
tance of load history on response.

Exterior Joints--Hooked Bars.
The strength of beams at exterior
joints is dependent on the development
of stresses at critical sections using
hooked bar anchorages. A series of
tests simulating exterior beam-column Fig. 17.
joints has been reported [19,23] which
provide data for the derivation of
design equations for hooked bar anchorages.
for a hooked bar is

Popov and Bertero [6] have observed the same phenomena
bar slip in the joint versus applied beam moment (Fig. 17).
describe an approach for modeling bond
behavior under cyclic loading which
explains some of the observed response.
Popov, et al. [24] have tested special
reinforcing arrangements to reduce the
problem of bond loss through beam
column joints. Hinges were forced away
from the column providing greater
anchorage and development lengths.
Figure 5 shows some of the reinforcing
arrangements. Additional work on this
topic is continuing at the University
of California-Berkeley.

(8)t dh ~ 0.2dbfy~

where t dh includes straight lead embedment and radiUS of bend, and db is the
diameter of the anchored bar. Adjustments to t dh reflecting the depth of
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concrete cover or transverse steel are proposed. The equation is based on
tests in which the load was monotonically increased to failure; however,
limited additional work was done in which the bars were subjected to cyclic
loading, Fig. 17. Hawkins and Hassan [13] tested hooked bars embedded in
blocks of concrete simulating a joint and concluded that the hook adversely
affects energy absorption because the hook tends to break up the concrete
around it and destroys the integrity of the joint. The use of mechanical
anchors to replace hooked bars has also been studied [17], as shown in
Fig. 18.

',p.A Trsa8
MUIIa.leal"Anchon

Fig. 18. End Anchorage Behavior [Ref. 17]

Interaction of Shear and Anchorage

Because the behavior of the joint under severe load reversals is heavily
influenced by the amount of cracking and spalling which occurs in the joint,
it is essential that future research be done on full-scale specimens which
are realistic models of structural joints. Studies have been conducted exam
ining one aspect of behavior--shear or anchorage. It is clear, however, that
the severity of shear cracking will influence anchorage behavior. Likewise,
spalling and crushing produced near a hooked bar will adversely influence
shear strength. Experimental work is needed to explore the interaction
between shear and anchorage in the beam-column joint.

EXTANT PROBLEMS

In the preceding discussion, a limited review of the studies of the
behavior of elements and subassemblages of reinforced concrete frames pro
vides an indication of current understanding. It is likely that this writer
has missed or omitted some studies which help elucidate, and in some cases
obfuscate, problem areas. Notwithstanding these shortcomings, the following
research areas appear to offer the most promise of returns (in the form of
design guidance) in the near future.

Loading Criteria

Top priority should be given to experimental studies of subassemblages
or frames which are correlated with analytical studies to determine response



requirements under all components of ground motion. Much attention has been
given to isolation of specific problems by simplifying test specimens and
analytical models. Tests have been conducted on simplified specimens under
simplified loadings to determine bond-slip relations, for example, and the
observed behavior expressed in mathematical terms. However, when the bond
slip relationships are incorporated into an analytical procedure for complex
inelastic behavior of subassemblages, the model may no longer represent the
behavior observed.

The use of simplified loadings is a necessity, because no well-defined
"earthquake loading" exists for a member or a subassemblage. At one location
in a structure, a hinge may need to withstand five load reversals at five
times the yield displacement, but it may not be necessary for all hinges to
meet the same requirement and if they do not, the consequences of such inade
quacies need to be examined.
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A prime concern in this area
loadings into loading histories.
coincide with a principal axis of
skewed nature of the loading.

is the incorporation of biaxial lateral
Since horizontal ground motion will not
the structure, tests should reflect the

As mentioned previously, very little work has been done on the behavior
of members, especially columns, under tensile loadings or under variable
axial loadings ranging from tension to compression.

Realistic Test Specimens

Large-scale tests of frame subassemblages and complete frames simulating
real structures must be conducted. For example, planar frames rarely exist
but a number of planar beam-column joints or portions of joints have been
tested with little attention to the effects of cast-in-place slabs or ortho
gonal frames on the behavior of the specimen. Loads on the test $pecimens
must reflect the three-dimensional nature of loading likely on the real struc
ture. Where shear and anchorage govern behavior, results of reduced scale
tests cannot always be extrapolated to reflect full-scale inelastic behavior.

Specific Problem Areas

Within the broad categories listed above, specific problem areas have
been identified which deserve special mention: (1) shear strength of columns
under cyclic biaxial lateral loads and varying levels of axial load, and
(2) interaction of shear and anchorage in joints and connections under three
dimensional loadings.

CONCLUDING REMARKS

In this report the vast amount of research done on member and subassem
blage behavior has been skimmed to provide some indication of progress to
date and to outline areas needing attention. It is suggested that future work
emphasize higher order tests--that is, frame subassemblages or complete frames
subjected to three-dimensional cyclic loadings. Such tests will provide
response characteristics which can be used to gauge the applicability of
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results obtained from simplified models and loading histories and to judge
the adequacy of current design procedures.
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INTRODUCTION

Buildings situated in regions of frequent seismic activity
must be capable of dissipating seismic energy without experienc
ing severe structural damage. Because it is usually not possible
or practical to design main structural members for elastic
behavior at all levels of earthquake excitation, inelastic
action in frame members must be anticipated. To reduce the
severity of damage inelastic rotations of frame members should
occur in beams or girders rather than colums. Current building
practice [1,2) reflects this logic with a "strong column-weak
beam" design philosophy. In addition current practice requires
that members be capable of developing their flexural capacity
through several cycles of load reversal in the inelastic range.

The analysis of this problem has been only recently con
sidered. It was not until the mid 1960's that researchers sub
jected reinforced concrete members to large flexural reversals.
At first efforts were directed toward analysis and design of such
members to maintain suitable flexural capacity, but it has been
shown [3,4,5) that shear strength decay becomes the dominant
factor in beam performance. The primary goal of a research pro
gram in progress at The University of Michigan is to investigate
the use of intermediate longitudinal reinforcement in flexural
hinging zones to delay or prevent a reduction of shear strength
and stiffness during large load reversals.

The present UBC [1) attempts to prevent shear failures by
imposing very close spacing of ties and stirrups in regions of
high shear. Nevertheless, flexural cracks may form a plane of
shear slippage perpendicular to the member axis after only a few
cycles of inelastic deflection reversal. The formation of such a
slip plane is illustrated in Fig. 1. When loaded in one direction,
a flexural crack may form. As loading direction is reversed, a
second flexural crack may form, intersecting the first crack.
The resultant plane of weakness may not intersect a vertical tie
or stirrup, regardless of spacing. As a result, shear is now
resisted at this point by sliding friction between adjacent
sections and by dowel action of reinforcing bars. Intermediate
longitudinal bars will provide an additional tension force which
will reduce the width of such cracks and will consequently increase
the sliding friction.
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crack A- B forms

~v

Formation of Cracks during First Inelastic Loading

crack B-C completes plane of weakness

A

Additional Cracks Formed during Load Reversal

Fig. 1 Typical Crack Pattern



A second problem develops due to the formation of inter
secting inclined cracks in this zone of inelastic rotation. The
intersecting cracks essentially divide the region into a matrix
of rectangular blocks and the stability of this region in
successive cycles will be governed by the confinement provided
by reinforcement. The intermediate longitudinal bars will
definitely provide additional confinement within the hinging
region.

DESCRIPTION OF SPECIMENS

A T-shaped specimen representing an exterior beam-column
connection was used in testing. Figures 2(a) and 2(b) show
general specimen shape and reinforcement pattern for critical
sections. The type of deformations the subassemblage may be
subjected to during an earthquake was approximated by holding
the column at its points of contraflexure above and below the
beam and deflecting the beam tip up and down several times to
maximum deflections of four to seven times its yield deflection.
Various physical parameters of the specimens are given in Tables
1 and 2.

Specimen size and shape were dictated by two factors. First,
this general specimen size had been used by previous researchers
and any results obtained could be compared to previous results.
Second, beam sizes were chosen to provide a range of shear span
to depth ratios to test the importance of gross shear stress
intensity in controlling shear behavior.

Design and placement of shear reinforcement was the most
important phase of specimen design. For each beam size tested,
one specimen used shear reinforcement as recommended by the
Building Code Requirements for Reinforced Concrete (ACI 318-71)
[6]. A second specimen used supplementary intermediate longi
tudinal shear reinforcement in addition to the reinforcement used
in the standard beam. As there were no guidelines for size of
intermediate reinforcement, bars were chosen using stirrup and
beam sizes as guides. Size and placement parameters for all
reinforcement are given in Table 2.

SPECIMEN TESTING

Each specimen was tested in accordance with a predetermined
loading pattern. The pattern was chosen to simulate the amount
of inelastic activity the beam-column joint might encounter during
a severe earthquake. This pattern is shown schematically in
Fig. 3. The first two cycles to approximately half the yield
moment were included to check the operation of various data
gathering instruments.
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After imposing six cycles of load displacement ductilities
of 4 in the positive direction and 3 in the negative direction,
larger displacements were imposed. For these larger cycles a
maximum travel of the loading ram was used as a limit in the
positive direction (approximately a ductility of 6.5) and 5 times
yield deflection was used as a negative limit. Cycling continued
until the beam failed or it became clear that the specimen's
behavior had stabilized. In every case a column axial load of
178kN (40 kips) was applied prior to any loading of the beam and
this column load was held constant throughout testing.

SOURCES OF TEST DATA

In order to quantitatively evaluate the performance of each
beam, several types of instrumentation and sampling were used.
Beam tip load and deflection were continuously recorded on an
X-y plotter.

Strain gages were also used to determine steel strains at
selected points during loading. Figure 4 shows the position of
strain gages. The pattern of gage placement was designed to
indicate stress levels at various points within the hinging zone
as well as to monitor strains within the beam-column joint and
indicate the effectiveness of main reinforcement anchorage.

Four linear variable displacement transducers (LVDTs) were
positioned in the region of anticipated beam hinging to monitor
shear strain. flexural rotation. and elongation within the hing
ing region. The location of these four transducers is shown in
Fig. 5.

In addition to these three methods of measuring beam response
during testing, it was important to test samples of the materials
used in construction of the specimens. Three standard compression
cylinders were tested in conjunction with each specimen to deter
mine concrete ultimate compressive strength. Samples of each
reinforcing bar were also tested to determine yield stress and
ultimate tensile strength. Average results of these tests are
given in Table 1.

TEST RESULTS

Most of the results discussed here are for specimens 1
through 4. The testing of specimens lA through 4A has just been
completed and the data is not yet in a usable form. Additional
specimens 5 through 10 are to be tested in July, 1977.

Specimens 1 and 2 are cycled through the entire pre
determined loading pattern and both specimens showed stable



.,.i@ ~

5
I~

...0:1 ~

~ Io-® I<-@
~ .I

~ @

@ Ii)

Fig. 4 Strain Gage Location

H-J

Fig. 5 LVDT Placement to Monitor Deformations in
Beam Hinging Zone.

1221



1222

behavior at the conclusion of testing. Specimen 2 dissipated
more energy for a comparable number of cycles at comparable
displacements, but this could have been anticipated because the
intermediate reinforcement augmented the moment capacity. Load
deflection curves for these specimens are shown in Figs. 6 and 7.

Specimens 3 and 4 experienced much more shear strength
decay. Specimen 3 deteriorated rapidly and was able to sustain
only nine inelastic cycles before failure in shear and torsion.
Figure 8 shows the load-deflection curve for this specimen. Two
important relations can be observed in this figure.

First, shear strength deterioration with accompanying loss
of energy dissipation potential took place even at a relatively
low displacement ductility (4) as shown by significant "pinching"
of the load-displacement curves.

Second, the load necessary to produce any given displacement
dropped gradually during the first six cycles of loading. In
contrast, stiffness drops rapidly. The hysteresis curve shows
that very little force is required to move the beam tip near the
zero load position even in the third and fourth cycles.

Torsional instability was evident in the final stages of
testing of specimen 3. This was a byproduct of the loss of
shear strength. Several planes of weakness had formed perpendi
cular to the axis of this specimen and all components of load
resistance had been lost parallel to such planes. As torsion
is resisted by shearing forces along such planes, any loss
of shear strength will result in a loss of torsional strength
as well.

Specimen 4 experienced the largest shear stress of any
beam tested, but was able to undergo eleven inelastic load cycles
before failure. Figure 9 shows the load-deflection curve for this
beam. The behavior is far more stable in each cycle than for the
comparable beam without intermediate reinforcement (specimen 3).
Here, the hysteresis loops formed by the load-deflection curves
are stable during cycles to four times yield deflection, i.e.,
cycles three through eight. There was very little drop in load
required to provide a given deflection and more important there
was very little drop in stiffness near zero load position of the
beam. When larger deflection cycles were initiated, stiffness was
maintained for one full cycle. Stiffness degraded at approximately
the same rate in this beam as it did in specimen 3 during the final
load cycles.

After testing, free or disintegrated concrete was removed
from the hinging region to determine the character of concrete
breakup in this region. Specimens 1 and 2 preserved large intact
blocks which were interspersed with much smaller chips. Intact
blocks in the hinge of specimen 3 were somewhat smaller but still
on the order of size of the beam core. Specimen 4 was unique
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among all specimens, with almost all concrete in the hinging
region having been crushed small enough to remove through the
ties. This indicated that the confinement provided by the
supplementary intermediate reinforcement had been important in
prolonging satisfactory shear behavior.

When testing each specimen, the yield point was assumed
to be the point during the first large cycle when a sudden change
in slope occurred. A comparison between measured and calculated
yield moments is given in Table 3.

Strain gage data, in conjunction with results obtained from
reinforcing bar tensile tests, helped to e~plain several aspects
of specimen behavior. Strain measured in gages attached to main
reinforcement at the column face (gages 4,5,6&7) indicated that
the visual estimation of yield point was very accurate for all
beams. As expected, strains measured at the visually selected
point were higher than the actual yield strain because straining
of bars could not be stopped between the time the yielding trend
was observed and strain readings were taken. Figure 10 shows the
load-strain plot for specimen 3, gage 4. The estimated yield
point corresponds to a point somewhat higher than the actual
yield strain.

Strain gage data also gave an indication of how the reinforce
ment carried flexurally induced loads. Figures 10 and 11 show
beam load vs strain plots for gages 4 and 7 respectively of
specimen 3. Gage 4 represents strains measured in top rein
forcement (3-#6 bars) and gage 7 represents bottom bar strains
(3-#5 bars). The ~esults from gage 4 indicate that after top
bar yielding occurred, a permanent elongation was present in
those bars until the largest cycles of negative deflection were
imposed. Unclosed concrete cracks must be assumed to have been
present in this case. The absolute strain level at maximum posi
tive deflection decreased with each loading cycle, indicating
that shear rather than flexure was responsible for an increasing
amount of beam tip deflection.

Because smaller bars were used for bottom reinforcement,
higher strains were expected in these bars than in top bars.
Figure 11 shows that such strains were present. Maximum strains
reached by bottom reinforcement were nearly double those reached
by top bars.

The results shown in Figs. 10 and 11 clearly indicate
that after the first few cycles the entire beam moment at the face
of the column was carried by a couple between the top and bottom
layers of longitudinal steel. The curves in both Figs. 10 and 11
are smooth with no indication of a flexural crack closing and the
smaller bottom bars (Fig. 11) are strained to higher levels than
the larger top bars as required for equilibrium.
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Strains measured in gage 1, located on the center beam
column joint tie, gave an indication of shear stress in the joint
at first cracking. Figure 12 shows the beam displacement vs
joint hoop strain for specimen #4, which was subjected to the
greatest shear. It is clear from the jump in strain that first
cracking took place at loads between 8 and 11.3 kips (loads
obtained from Fig. 9), or shear stresses in the joint between
459 and 649 psi. These stresses were computed using the
Recommendations [2] for computing area over which joint shear
should be assumed to act, width having been taken between the
outsides of joint ties and depth taken as the distance from
column face to the centerline of steel near the opposite column
face. A survey of gage 1 data in all specimens showed that in no
case did the tie reach its. yield stress and in no specimen did
any detectable deterioration take place in the beam-column joint.
A summary of the shear stress in the joint at first cracking is
given in Table 3.

Strain gages placed on beam ties in the hinging region are
less easy to interpret, but are important in describing the
problems encountered in attempting to carry large shears in
cyclically loaded members. In only a few cases was yield strain
exceeded in these ties (gages 8,9&10). This was expected because
ties were not required for strength in any of the beams tested
but were placed in accordance with ACI seismic provisions.
Figure 13 shows an example plot for specimen 3 gage 10. Although
this tie did reach yield during the first cycle of load, it
remained at strains less than the yield strain for subsequent
larger cycles. Other ties in the hinging region showed similar
response.

Load vs flexural rotation and load vs shear strain plots
derived from LVDT data provided a measure of the contribution
of flexural rotation and shear strain in the hinging zone to
overall tip deflection. Figure 14 shows the load vs flexural
rotation plot for specimen 3. During the first six cycles of
load, flexural rotations were stable. When displacements were
increased, however, greater flexural rotations were not obtained
in the positive direction. The increase in deflections for these
cycles resulted primarily from shearing, not rotation in the
hinging zone.

Figure 15 shows the load vs flexural rotation plot for
specimen 4. Rotations at all levels of displacement were stable.
When displacements were increased to their maximum values,
rotations increased as-well. Deflections at all levels resulted
from flexural rotation as well as shearing strain.

Load vs shear strain diagrams for specimens 3 and 4 are
shown in Figs. 16 and 17. It is apparent that shear strains at
maximum deflections increased with each cycle of loading for
specimen 3 and shear stiffness decreased with each cycle. In
contrast, specimen 4 showed stable levels of shear strain for
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deflection ductilities of four. When displacements were
increased, shear strains increased also, but restabilized at
a new level.

SUMMARY AND CONCLUSIONS

The first four tests conducted in the present research effort
may most effectively be considered as two series of tests. The
first series included specimens 1 and 2. These two tests allowed
bending of the beams without shears as high as those encountered
in specimen 3 or 4 and as a result shear deterioration was
negligible in both beams.

The second series included specimens 3 and 4, comparitively
deeper beams which resulted in higher shear stresses. These
higher stresses caused severe damage to the conventionally rein
forced beam, with loss of stiffness very soon after commencement
of testing and ultimately caused failure in shear and torsion
after nine inelastic cycles. Specimen 4 contained supplementary
shear reinforcement which was designed to intersect shear cracks
regardless of their orientation and provide greater overall
confinement of core concrete. The evidence of improvement is
provided by comparison of beam shear vs deflection curves,
plastic hinge shear strain and rotation plots, and strain gage
data from the two specimens. Based on this data it is possible
to draw two conclusions.

First, from consideration of data from speciments 1 and 2,
it is clear that special reinforcement was neither necessary nor
effective in providing shear resistance greater than that pro
vided by conventional seismic tie provisions for the level of
shear stress encountered in these two specimens.

Second, from analysis of results of tests of specimens 3 and
4 it is clear that these beams experienced loss of ductility and
energy dissipation potential due to the shear stresses they
encountered. It was possible to design shear reinforcement to
delay shear strength decay. Such reinforcement was placed in
specimen 4. This longitudinal reinforcement was able to delay
shear strength decay by intersecting vertical planes of weakness
and providing increased confinement of core concrete. The spe
cially reinforced beam showed less tendency to increase shear
strain with large displacement cycling and maintained greater
flexural rotation.
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REINFORCING BARS IN EARTHQUAKE-RESISTANT
REINFORCED CONCRETE BUILDING CONSTRUCTION

by

William C. Black, Chief Engineer
Reinforcing Bars, Piling and
Construction Specialty Sales

Bethlehem Steel Corporation

Our paper will be limited to the detailing, fabrication and placing of
reinforcing bars as it applies to earthquake resistant reinforced concrete
building construction.

The architect and engineer establish the concrete outlines and reinforce
ment requirements. The reinforcing bar detailer must interpret these require
ments and prepare placing drawings that show (1) the engineer how the detailer
interpreted his requirements, and (2) the ironworker (placer) how to place the
reinforcing bars into the forms. This is a function normal to all reinforced
concrete structures and we would like to only discuss those things that are
more or less peculiar to seismic designs. Generally speaking, these designs
are characterized by such things as staggered lap splices, heavy confinement
reinforcement (especially at joints), non-standard hooks in some instances,
including special "seismic" hooks for confinement hoops, and standard hooks
where straight ends would usually be satisfactory in non-seismic designs.

Ductile moment resistant frames are of course heavily reinforced and re
quire special detailing consideration. Splices are usually not permitted at,
or adjacent to, beam-column joints. This then requires that the horizontal
beam bars and vertical column bars be extended some distance beyond the joint
before splicing. At exterior joints the horizontal reinforcement must be
properly anchored. Within the joint itself confinement reinforcement con
sisting of closely spaced hoops is necessary.

Shear walls require special heavy edge reinforcement, tied as for columns,
with the horizontal wall reinforcement adequately anchored to these "columns."

The detailer is obligated to follow the design details as established by
the architect/engineer. A common problem with these heavily reinforced
elements is one of physically finding room for the reinforcing, especially
where bars intersect, as at joints. The de tailer should not be responsible
for determining whether the reinforcing bars as designed can be detailed so
that the ironworker can place them in the forms - this is the designers
responsibility. The detailer, in the course of preparing the reinforcing de
tails, may discover that a "fit" problem exists and, even though it is not one
of his responsibilities, will probably approach the customer and/or engineer
so that the engineer can work out a solution.

Fabrication of reinforcing bars for structures designed for seismic forces
does not necessarily differ from the fabrication for non-seismic construction.
However, the percentage of bent reinforcing to total requirements is signifi
cantly larger and the types of bending .may differ. For instance, there may be
rather large quantities of ACI Type TI (Figure A) ties with seismic 135 degree
hooks, that is, with 10 bar diameter hook extensions. These are more



difficult to fabricate than ACI Type T2 ties as would be used on most non
seismic structures. One of the problems is the overlapping 135 degree hooks.
Normally, ties are fabricated in multiples of three or more. With the 135
degree hooks it becomes necessary to "lift" the final hook into position.
Where ties are fabricated in multiples this means that the hook must be lifted,
or offset the height of the pile. With smaller bar sizes it is possible to
pull the hooks together in the field but with the heavier sizes this cannot be
easily accomplished. This restricts the number of ties that may be fabricated
at one time.

Fabricating tolerances become increasingly critical in seismic designs,
mostly because of the high percentage of bent reinforcing bars and the problems
of placing in the forms. Standard industry fabricating tolerances as covered
in the CRSI Manual of Standard Practice and ACI 315-74 apply to all fabrica
tion, including bars for seismic application. However, as will be discovered
when placing is discussed, this does not assure that the ironworker can put all
the pieces together.

Placing of reinforcing bars is one of the most critical elements in the
whole chain of events. The design may have been meticulously accomplished, the
detailers have faithfully and accurately followed the designers intentions, the
fabrication all within the permitted industry tolerance and properly bundled
and delivered to the jobsite. But, if the ironworker (placer) does not place
the rebars in their correct final position all the foregoing does not really
"count."

One of the elements that affects the placing is the tolerances permitted
in construction. This includes both the form tolerances and the rebar fabri
cating tolerances. CD [2] When these are combined with the permissible placing
tolerances it is found that they are, in many instances, incompatible. ACI
Committee 117 Tolerances has been studying this for some years, conducting
symposia, etc., but with no real progress towards a final solution.

Joints in ductile moment resisting frames, as mentioned earlier, are
difficult to design, detail and to place. Refer to Figure A-I which represents
an intermediate exterior joint at an intermediate floor level. This example
detail is a composite of the design information, including "fit" details for
the reinforcing bars and a tabulation of the rebar placing sequence as the
ironworker would be expected to put it together. In this example the designer
has solved the anchorage problem for the girder bars by establishing the bend
diameter larger than ACI Standard and using the total bar extension around the
bend, as permitted by ACI 318-71 Commentary Section 12.3.

Note also that the girder top bar hook extends well below the bottom of
the girder spandrel beam. This creates a problem for the contractor if he
wishes to have a construction joint at the underside of the spandrel beam as
would be usual. The #11 top girder bar would have to be placed and supported
while the columns were being cast. This is especially "tricky" as these bars
extend at least to mid-span of the girder plus splice. The rebar placing se
quence would also be affected as the sequence shown in Figure A-I is based on
monolithic construction up to top of slab.

The stirrups in the girder are shown as two piece elements to facilitate
placing as follows:

1243



1244

U stirrup plus .., cap tie to form a closed stirrup-tie.

The spandrel stirrup-ties have been shown in this instance as one piece. The
single leg cap ties and intermediate single leg column ties, shown with one 90
degree and one 135 degree hook, would have these hooks alternated. This is
something that should be specified by the designer.

The detail as presented is based on theoretical dimensions. One may
quickly observe that any deviations from the theoretical in either form
dimensions or rebar dimensions would probably create interference problems.

Figure A-2 shows a corner column joint detail at an intermediate floor
level. Note that the spandrel beams are each on the column center-line and of
the same depth. The #9 top bars in each direction extend well below the beam
soffits and create the same contractor construction joint problem as with
Figure A-I. Note how the bars must be interlaced and canted at the corner.
Note that cap ties '·-1 are used in the spandrel beams to make closed stirrup
ties.

Figure A-3 also shows a corner column joint detail at an intermediate
floor level but with the spandrel beams flush with the outside faces of the
column. The bar placing is complicated by the fact that the top and bottom
spandrel bars on the exterior face interfere with the column vertical bars.
Note how bars have been "pulled in" to clear. It is more of a problem with
the top bars as they must clear the 135 degree hook of the stirrup. With
these fairly heavy bars the net result would probably be relocating these bars
for the length of the spandrel. One then must consider whether an extra
corner bar is required to meet the torsion criteria.

Figure A-4 covers an interior joint at an intermediate floor. The floor
beams are of such size that confinement reinforcement is required throughout
the joint. This joint is fairly straight foreward from a placing viewpoint.
The sets of column ties must be placed in the sequence noted. Note that the
beam bars, both top and bottom, happen to clear the column verticals but this
would not usually be the case. Note also that the top beam bars in the East
West beam have been dropped to fit under the North-West top beam bars. The
two piece stirrup ties have been shown to have the standard clearance at top
of beam so that the top beam bars are not in the upper corners of the ties.
Note that the cap tie has been shown with two 90 degree hooks because a 135
degree hook would foul the outside beam bar. An alternate solution could have
been to lower the top of the stirrup-tie if permitted by the design.

Figures A-5 and A-6 show current thinking in seismic joint design and are
taken from the ACI-ASME 352 Report on Joints that appeared recently in the ACI
Journal. [~

The problem that must be considered is whether it is economically
feasible, or even practicable, to build joints such as have been illustrated.
Dr. Jirsa and others have recently reported on research work at the University
of Texas at Austin that may alleviate the congestion at joints. The latest
thinking is that the quantity of confinement reinforcement in the joint does
not have to be nearly as great as that recommended by ACI-ASCE 352.



We trust that all the foregoing will be discussed in greater detail in
the Workshop on Reinforcing.

[iJ Tolerances for Reinforcing Bars, by W. C. Black, ACI Journal, October 1970

[~ Tolerances by A. E. Fisher, ACI Journal, February 1977

[~ Recommendations for Design of Beam-Column Joints in Monolithic Reinforced
Concrete Structures by ACI-ASCE Committee 352, ACI Journal, July 1976
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SEISMIC RESPONSE CONSTRAINTS FOR SLAB SYSTEMS

by

Neil M. Hawkins
Professor of Civil Engineering

University of Washington

INTRODUCTION

For the earthquake resistant design of concrete buildings there are three
important problems associated with slabs: (1) the use of flat plate construc
tion as a vertical or lateral load carrying system in seismic zones; (2) the
effectiveness of slabs as coupling members between shear walls; and (3) the
diaphragm action of the slab as it transmits seismic forces to the lateral
load resisting elements. This paper summarizes the current state of knowledge
for each of those problems.

FLAT PLATE CONSTRUCTION

General Considerations

From the architect's and general contractor's viewpoints, flat plate
construction is an ideal structural form. Flat plate frames provide maximum
flexibility for the architect's expression of his creativity both in the ex
terior form of the structure and its interior spatial relationships. Flat
plate framing is more economic than beam and column framing because the rental
volume per story is more for flat plate, formwork costs are less, the turn
around time per floor for multi-story construction is less, and, most impor
tant, the structural frame provides minimum impediment to the placement of
mechanical and electrical services. These considerations ensure a continuing
demand for flat plate framing in seismic zones.

Code restrictions-- The Uniform Building Code [11 requires all buildings
designed with a horizontal force factor, K, of 0.67 or 0.8 to have ductile
moment resistant space frames and such frames are required around the perimeter
of all frame buildings in Seismic Zones No.2, No. 3 and No.4. If the build
ing exceeds 160 ft. in height those frames must be capable of resisting not
less than 25 percent of the required seismic forces for the structure as a
whole. All framing elements not required by the design to be part of the
lateral force resisting system must be adequate for vertical load-carrying
capacity and induced moment at a distortion 3/K times that resulting from
the Code required lateral forces. The UBC Code provisions are intended [2] to
exclude the use of flat plates as ductile moment resistant space frames. Such
framing is, however, widely used in the eastern and central parts of the United
States which include many Zone 2 and 3 regions.

Lessons from recent earthquakes--The restrictions on the use of flat
plate framing in seismic zones stem partly from the poor performance of struc
tures with such framing in recent earthquakes. The collapse of the J. C. Penney
building in the 1964 Alaska earthquake [3] involved numerous failures at slab
column connections. The collapse of the San Jose Building in the 1967 Caracas
earthquake [4] is also commonly attributed to an inadequacy of the flat plate

1253



1254

type framing in that structure and other adjacent badly damaged structures.
Flat slab and plate failures also occurred in the 1971 San Fernando and 1972
Managua earthquakes. The large amount of non-structural damage to the Orion
Avenue and Marengo Street Holiday Inns during the San Fernando earthquake [5]
highlights the lack of stiffness in structures containing such framing even
when the over-all structure has adequate strength. There is a need to more
definitively delineate limitations to the use of flat plate framing for the
differing Seismic Zones.

Laboratory Investigations

Approximately 40 high intensity reversed cyclic lateral loading tests on
specimens simulating slab-interior column connections are reported in the
literature [6-10). In addition there are data on some 15 similar specimens
[9, 10, 11, 12) subjected to high intensity cyclic shear forces or non
reversing moment and shear forces [13]. That information can provide reason
able answers to most questions concerning the likely strength, stiffness and
ductility of such connections for seismic loading. By contrast little infor
mation is available on the likely cyclic lateral load performance of slab
exterior column connections [9, 14, 15).

Slab-interior column connections - cyclic lateral 10adings--In the cyclic
lateral loading tests the variables examined have been as follows: monotonic
as opposed to cyclic loadings to failure, [7, 8); differing types of shear
reinforcement including structural steel shearheads, closed stirrups, hairpin
stirrups and bent bars, [6, 8, 9, 10); differing amounts of negative moment
column strip reinforcement with values ranging from 0.25 to 1.0 times the
balanced reinforcement ratio, Pb' [6, 9, 10); differing distributions for the
negative moment column strip reinforcement [6, 9, 10); differing amounts and
extent for integral beam closed stirrup reinforcement [8, 10]; the side length
to slab depth ratio for square columns with values ranging from 2.5 to 3.5 for
most specimens and equal to 8.0 in one investigation [7); the aspect ratio for
rectangular columns with values ranging from 1.0 through to 6.0 and moments
transferred in either the long or short directions of the column [9, 10]; and
the shear stress transferred simultaneously with the reversing moment with
values ranging from -0.5/f<r to 3.3/f<r [9, 10]. Other less significant varia~
b1es have been the reinforcing bar size, deformations and yield strength,
and the concrete strength.

Typical moment-rotation envelopes for differing connection characteristics
are shown in Fig. 1a. The envelopes are idealizations based on typical experi
mental results such as those shown in Fig. lb. There is a linear response
range OA, the extent of which is dependent on the intensity of the simultaneous
gravity loading. The rate at which rotations develop then increases markedly
once the reinforcement passing through the column yields at A. All specimens
without shear reinforcement fail suddenly at B in Fig. 1 by punching. Those
with shear capacities considerably greater than their flexural capacities
(low P values in Fig. 1) show little ductility as compared to similar specimens
loaded monotonically to failure. The stiffness prior and subsequent to yield
ing at A, the moment for yielding, the maximum capacity and the rotation at
that capacity increase as the reinforcement within lines two slab thicknesses
either side of the column increases. The concentration of column strip rein
forcement within that region up to the maximum ratio of Pb is markedly benefi
cial. The strength of a specimen loaded cyclically to failure can be up to



10 percent less than that of a similar monotonically loaded specimen. The
reduction in strength increases as the severity of the cyclic loading increases.
Rotations of the slab relative to the column for monotonic and cyclic loading
show similar variations.

Shear reinforcement in the form of shearheads increases the moment that
could be transferred to the column but does not improve the ductility. Shear
reinforcement consisting of properly anchored hairpin stirrups [9] or closed
hoops [6, 8, 9, 10] increases both the moment capacity and the ductility. For
ductility the shear reinforcement must hold the top and bottom reinforcing mats
together and delay the splitting off of the concrete cover from the tension
bars. With such reinforcement crushing at the slab-column interface is delayed
until edge deflections about five times those for first yielding. The imposi
tion of deflections greater than those for crushing causes a loss in strength
but not a decrease in energy absorption. The rate of decrease in capacity
increases as the amount by which the shear capacity exceeds the flexural capa
city decreases. To minimize the rate of decrease and maximize the hysteretic
damping the shear capacity should exceed the flexural capacity by at least the
shear contribution of the concrete in the compression zone between the inside
of the stirrup and the compression surface. That value is typically about 20
percent. Specimens with stirrup reinforcement still fail suddenly by punching
in the post-maximum capacity range unless that reinforcement is carefully de
tailed. Testing has developed proper detailing requirements for integral beam
closed stirrup reinforcement only [10]. If loading reversals cause the slab to
crack through its depth the stirrup spacing should not exceed d/3, every longi
tudinal bar passing through the column should be located at the corner of a
stirrup and stirrups should terminate around longitudinal bars with standard
135 0 hooks. For the connection shown in Fig. 2, the integral beam stirrups
must extend far enough from the column that the distance ed exceeds the slab
depth and the nominal shear stress caused by the lateral load shea.r plus one
quarter of the panel shear does not exceed 1.6/f[ on the critical section abcd.

As apparent from Fig. lb, before the negative moment reinforcement passing
through the column yields hysteresis loops are narrow and spindle shaped.
Damping values are typically 10 percent in the first cycle to a new peak and
8 percent for subsequent cycles to the same or lesser peaks. Prior to yield
ing there is little shakedown in capacity with cycling. After yielding shake
down is significant with most of the decrease occurring between the first and
second cycles. That rate of decrease doubles once crushing develops at the
slab-column interface. Hysteresis loops remain spindle-shaped in the post
yield range only if the reinforcement ratio in the column head area is 0.9%
or less, the shear stress does not exceed 3/f[ for a specimen without shear
reinforcement and 6~ for a specimen with shear reinforcement, and the column
dimension in the direction of moment transfer is significantly greater than the
development length for the column head reinforcement. Typically post yield
damping values for connections with non-S shaped hysteresis loops are 14 per
cent for the first cycle to a new peak deflection and 12 percent for subsequent
cycles to the same peak. Those values increase with decreasing p values, with
lower shear stresses and with greater embedment lengths for the slab reinforce
ment within the column.

An increase in the shear transferred Simultaneously with the moment causes
a reduction in the maximum capacity approximately equal to the magnitude of
the shear stress caused by that shear divided by 4/f,[. The stiffness for a
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given increment in moment and the degeneration in capacity with cycling are
similar for specimens with and without simultaneous shear transfer. As
illustrated by the results in Fig. 3 [9], an increase in the shear causes a
marked reduction in ductility unless properly detailed stirrup reinforcement
is used. As the rectangularity of the column in the direction of moment trans
fer increases the capacity decreases at approximately the rate predicted when
shear only is transferred [16]. The ductility is correspondingly reduced un
less properly detailed stirrup reinforcement is used [9, 10].

Edge deflection caused by column and slab rotations have agreed closely
with those calculated assuming cracked or uncracked sections as appropriate
for the combinations of axial load and moment acting on the given section.
However, some 50 to 60 percent of the edge deflection is caused by a concen
trated rotation that occurs at the column perimeter. That rotation is a re
sult of bond slip of the reinforcement within the column combined with torsion
al cracking at the side faces of the column.

Interior column connections - cyclic shear loadings--In contrast to the
behavior for laterally loaded connections, yielding of the reinforcement pass
ing through the column does not cause a marked change in the stiffness of a
connection subject to cyclic shear loadings only [10]. There must be general
yielding of the reinforcement across the width of the specimen before such a
change occurs. For connections without shear reinforcement and shear capa
cities equal to their flexural capacities, the decrease in the limiting shear
stress of 4~ caused by cycling does not exceed 10 percent. If, however, the
shear strength is made less than the flexural strength in order to provide some
ductility, cycling markedly reduces that ductility. Further, while for mono
tonic loading the limiting shear stress becomes progressively greater than
4~ as the ratio of the shear to the flexural capacity decreases, cycling
largely eliminates that increase. Hairpins, closed hoops [10][13] and bent
bars [11, 12] can all increase the shear capacity and provide adequate ductil
ity for cyclic loadings. The maximum capacity is reached when the concrete
at the slab-column interface crushes. After that the capacity decreases with
increasing edge deflections and converges for large amounts of shear reinforce
ment on a limiting value of approximately 6/f,f. For shear reinforcement pro
viding capacities of less than 6~there is only a 20 percent or less de
crease in the post-maximum capacity with cycling and increasing edge deflec
tions. Post-maximum unloading and reloading curves are essentially linear and
coincident. The stiffness does not change significantly with cycling be-
tween constant load limits and does not decrease markedly with increasing peak
edge deflections. If the cyclic loading does not crack the slab through its
depth the reinforcement must extend far enough from the column that the shear
stress on section abcd in Fig. Z does not exceed Z/f[.

Exterior column connections - cyclic lateral loadings--In flat plate con
struction there is always moment transfer at exterior column connections and
therefore both horizontal and vertical components of the earthquake motion
cause cyclic moment transfer effects. While edge beams are required by UBC
1976 all tests conducted to date have been for specimens without edge beams.
The over-all behavior of the test specimens has been very similar to that for
specimens simulating interior connections. For specimens without shear rein
forcement failure has always been by punching. However, for the same geometry
and reinforcment the ductility developed prior to failure and the hysteretic
damping are greater for edge connections.



Although uni-directiona1 cyclic loading tests ~7] have been conducted
on eight specimens with moment transferred in the direction of the discontinu
ous edge only one such specimen has been subjected to reversed cyclic loading
[9]. In the later case the slab projected beyond the column centerline by an
amount equal to the column side length. Although the capacity of that speci
men was only about 10 percent less than that of a similar interior column con
nection, the stiffness in the elastic range was about 25 percent less. In
the uni-directiona1 cyclic loading tests the column was attached to the slab
on one face only. The maximum capacity increased for increasing flexural
reinforcment ratios in the column vicinity. However, adding closed hoop
stirrup reinfoDcement had negligible effect on the capacity and the ductility.
These tests proved that torsional cracking is a major factor affecting the
stiffness of the slab-column connection. The stiffness after torsional crack
ing was only one sixth of that before cracking and that stiffness decreased
continuously with increasing maximum rotations.

For specimens with moments transferred perpendicular to the discontinuous
edge and no shear reinforcement severe torsional cracking develops at the
discontinuous edge at relatively low loads [14]. While the stiffness for
changing lateral loads decreases slowly with increasing edge deflections the
deflection under gravity loads increases rapidly especially after yielding of
the reinforcement passing through the column. That rate of increase in de
flections is markedly reduced by increasing the column size and by concen
trating flexural reinforcement in the column region. The provision of hairpin
stirrups inserted perpendicular to the discontinuous edge and at a spacing of
d/2, prevents the torsional cracks from opening wide but does notmarked1y im
prove the stiffness, strength and ductility characteristics of the connection.
Integral beam stirrup reinforcement proportioned by the same rules as for in
terior connections is necessary to prevent a punching failure.

Data for corner columns are limited to two tests reported by Zagh1oo1[15].
Reversals of loading at 25 and 75 percent of the expected capacity had no
significant effect on the ultimate capacity or ductility as compared to simi
lar specimens loaded monotonically to failure. Prior to yielding of the rein
forcement anchored within the column the percent damping was less and the
hysteretic curves considerably more S-shaped than for the edge column connec
tions reported in Reference [14].

Response Predictions
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Strength--Cyc1ic loading strengths can be assessed using the same proce
dure as those for monotonic loading. Beam analogies [18], [19] provide the
best estimate of the local strength of connections transferring moment. They
permit proper recognition of slab flexural reinforcement effects and the rela
tive contributions of shear reinforcement at the transverse and side faces of
the column. A ten percent reduction in strength should be made if loading
repetitions are expected stressing the connection beyond 85 percent of its pre
dicted capacity. The ACI 318-71 procedure over-estimates the shear strength of
connections with less than one percent flexural reinforcement in the column re
gion, it can be very conservative for high reinf~rc~ment ratios and ~arge amounts
of moment transfer, and does not provide a rea1~st~c model for tors~ona1 effects.
However, for slabs whose design is controlled by gravity loading considerations,
its use will generally lead to reasonable shear strength and moment cut-off
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predictions. Where ductility is required, shear reinforcement should be pro
vided to take all shear stresses in excess of 1.61f.f for a slab cracked through
its depth and 2~ for a slab not cracked thorugh its depth. The post-maximum
shear strength should be taken as (d - d')/d times· the maximum strength.
Collapse in flexure is possible due either to a local fan mechanism centered on
the column or a folding mechanism with yield lines extending across the slab
[18]. The local mechanism effect is generally suppressed in complete struc
tures by in plane effects, and it is adequate to consider only local moment
transfer effects and the folding mechanism for the complete structure.

Stiffness--While there is general concensus on strength predictions [17],
[18], [19] there is no similar agreement for stiffness assessments. Designers
commonly use a frame with only part of the slab width effective for lateral
loadings. Most studies have been performed on the idealized slab-column ele
ment shown in Fig. 4a. In one of the early studies [20] that element was
divided into six intersecting beams in each direction and the simultaneous
equations for deflection and slope at all points of intersection due to a cen
trally applied moment Mo were solved. The effective slab width, ~e' was defined
as that resulting in the same central rotation, 80 , in a beam subject to a
central moment Mo' Those theoretical results were checked and compensation
made for column size by testing a crude elastic model. The resulting design
recommendations are shown as solid lines in Fig. 4b. More recent studies
have shown that predictions are sensitive to the stiffening effect provided by
the finite size of the column [21][22]. When that rigidity is taken into
account the effective width increases substantially. Shown in Fig. 4c are the
effective widths recommended by various investigators for square columns and
square panels. It has also been found that (i) longitudinal boundary condi
tions, (L direction in Fig. 4), have little effect while transverse boundary
conditions have a pronounced effect especially for high clL values [21],
(ii) even ignoring column rigidity effects the equivalent frame method of ACI
318-71 predicts too Iowa stiffness for clL values less than 0.12 [21],
(iii) stiffnesses are insensitive to the rectangularity of the column and the
column dimension in the loaded direction should be used with Figs. 4b and 4c
[22], and (iv) the aspect ratio, tiL is an important variable only for tiL
values less than 0.75.

Analytical predictions differ widely from experimental results. While the
equivalent frame method of ACI 318-71 was not intended for lateral loading, it
does allow for some softening at the slab-column junction by considering tor
sional effects in accordance with the theory of elasticity. Even for the
elastic range of behavior the lateral loading stiffness measured in the slab
column tests has been less than 50 percent of that predicted using the ACI
equivalent frame and a cracked section for the slab. To correctly predict meas
ured rotations for monotonic loading proper account must be taken of the tor
sional stiffness of cracked concrete sections [23], [24]. The ratio of the
cracked to uncracked stiffness for torsion is much less than that for bending.
Finite element, finite difference and theory of elasticity approaches ignore
that fact. In addition to correctly predict cyclic loading effects account
must also be taken of bond slip of the reinforcement within the column.

When the column dimension in the direction of moment transfer is consider
ably greater than the anchorage length for the reinforcement in that direction,
the model shown in Fig. 5(a) can be used to correctly predict the stiffness for
Virgin loading for both the elastic and post-yield ranges [10]. The slab is



assumed attached to the column by cantilevering cracked flexural elements Fl
and F2 and cracked torsional elements Tl and T2 each having the properties of
those sections in the real slab. The elements Fl and F2 have the loading and
unloading stiffnesses shown in Fig. 5(b) and the torsional elements have the
stiffness (GJ)cracked shown on Fig. 5. Compatability for points A, B, C and D
determines the twist, ~, of the torsional elements and effectively builds in a
concentrated rotation at the connection. The moment for yielding should be
taken as (c2 + h/c2) times that given by the model in order to recognize redis
tribution effects that occur at incipient yielding [9]. The post-yielding
stiffness is that obtained when the front face element Fl is given zero bend
ing stiffness. For elastic behavior the simpler but less accurate equivalent
frame model shown in Fig. 6 will predict reasonable and generally slightly
lower stiffnesses. The effective slab widths resulting in the same deflections
as those predicted by the model of Fig. 6 are plotted in Fig. 4c. In most flat
plate structures clL ratios lie between 0.06 and 0.15 and in that range the
stiffnesses predicted by the model of Fig. 6 lie below those established by
elastic theoretical studies even ignoring the effects of column stiffening.
For reversed cyclic loadings in the elastic range the stiffnesses will be
slightly greater than that predicted by the model shown in Fig. 6. Use of
a modified version of the model shown in Fig. 5 is then appropriate for both
elastic and inelastic behavior predictions [23]. The models shown in Figs.
5 and 6 are not appropriate for two way floor systems. The effective slab width
varies widely depending on the aspect ratio for the side lengths of the slab,
the ratio of the flexural stiffness of the boundary beams to that of the slab
and the ratio of the torsional stiffness of the transverse beam to the flexural
stiffness of the flexural beam [39].

COUPLING OF SHEAR WALLS BY SLABS

General Considerations

Popoff [25] has graphically demonstrated the importance of the effective
width of the slab on the design of coupled shear walls. He points out that
small differences in the effective slab width greatly influence the rigidity of
the system. For a 12 in. wall, 4 ft. corridor, 8 in. slab and two 18 feet deep
walls the relative rigidity changes from 18 for uncoupled walls through to 100%
for a solid 40 ft. wall. If the effective slab width equals the wall width the
relative rigidity is 50%. If the slab width equals 10 times the wall width the
rigidity is 87%and almost equal to that for a solid wall. In addition, if the
actual rigidity is greater than the design rigidity the axial force on the wall
can be badly underestimated. If the reverse is true the moment can be badly
underestimated.

Lab Investigations

Very few experimental investigations have been made. Three have used
extremely small scale models. In one the epoxy sheets for the slab and shear
wall have been glued together [26]. In another an asbestos sheet was used for
the slab and steel plates for the shear walls [27]. In the third perspex sheet
was used for the slab and steel plates for the walls [28]. In the first case
the 22 story high coupled walls were rigidly fixed at their base and the effects
of different slab widths examined. It was found that with Roxman's theory [29]
the entire bay was effective for the coupling slab width. In the second case
the walls were pivoted at their base and the slab bolted to the wall. The
method of bolting had no significant effect on the coupled stiffness and the
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results verified the writer's theory. The third study employed a set-up s~m~

lar to the second and the effects of differing wall configurations; plana~,

T-section and box, were examined. A flange on the wall appreciably increased
the effectiveness of the coupling slab. Since models of this type employ
elastic materials they can only verify elastic analyses. They provide no in
formation of the effects on behavior of flexural and torsional cracking, yield
ing and bond slip.

There have been two investigations using reinforced concrete models.
However, in neither case have the walls been reversed cyclically loaded. In
the micro-concrete model [30] precast walls and slabs were epoxy glued together
and the wall reinforcement cast into a rigid anchor block. The main variable
was the coridor width separating the walls. A gradual variation from cantilever
to frame action occurred as the corridor width decreased from 1.67 times a wall
depth to 0.33 of a wall depth. In the other [31], one third scale investiga
tion, the model represented three pairs of coupled shearwalls with two of the
pairs located along the exterior edge of the model. The load-deflection be
havior for the model is shown in Fig. 7a. Cracking at the corridor ends of the
walls occurred at A, transverse cracking across the full panel width between
walls at C, punching at the interior wall ends at D and at the exterior wall
ends at F. Lines Ll and L2 in Fig. 7a are the theoretical stiffnesses for an
uncracked and cracked slab respectively with an effective width equal to half
the corridor width. Line L3 is the theoretical stiffness calculated as for L2
on a span equal to the corridor width plus the wall thickness. The force
required to displace the end walls was about 40 percent of that for the same
displacement for the center walls and in agreement with elastic theory [27].
It is recommended that (i) the effective width of the coupling slab be taken
as half the corridor openin£L (ii) the shear capacity be predicted using a
limiting shear stress of 4/f~ and the U-shaped critical section abcd in Fig.
7b, and (iii) the flexural strength be predicted using the slab width c + t
in Fig. 7b with that reinforcement extending the corridor opening beyond the
end of the wall.

Response Predictions

Stiffness--Qadeer and Smith [27] used finite difference techniques to
study the effects of bay width, corridor opening and wall depth on the effec
tive width of slabs coupling rectangular walls. They presented their results
in a series of graphs and concluded that the effective width was less than the
corridor width plus the wall thickness. In contrast, Black et al [32] used
finite element methods to study wall thickness effects and found stiffnesses
33% higher than those reported by Qadeer and Smith. More recently, finite
element techniques have been used to study variations in the effective slab
width for coupled planar, T-section and box walls [33]. In the later case
for planar walls findings were similar to Black et al and it was concluded that
(i) the effect of coupling was only significant when the wall opening was less
than 0.3 of the total coupled wall depth (ii) for T-sections only half the
flange width instead of the wall width should be used in calculations, and
(iii) if the T-section is at the opposite end from the corridor,the wall should
be treated as planar for estimation of the coupling width.

Lines L4 , LS and L6 on Fig. 7a are the theoretical elastic stiffnesses
for a cracked coupling slab having effective widths defined by the recommenda
tions of References [27], [33] and Fig. 6. The elastic thoeretical analyses



considerably over-estimate the measured stiffness. Use of the Fig. 6 recommen
dations results in a stiffness closely paralleling the slope of the load
displacement curve for its cracked section range. Even before the application
of any lateral load flat plate slab-column connections are generally cracked
by the slab's dead weight. In that case use of the cracked section properties
is obligatory. For shear walls coupled by slabs, gravity loads are less likely
to crack the slab along the corridor opening. However, in a real structure
cracking at the ends of the shear wall is likely due to shrinkage effects and
use of the cracked section properties is probably appropriate.

Strength--While the procedure for shear strength evaluations recommended
by Schwaighofer and Collins and shown in Fig. 7(b) is easy to apply, their
test result is also predictable using ACI 318-71 shear strength recommendations
for moment transfer situations provided the moment cut-off limitation of ACI
318-71 is ignored and the reduced shear stress recommended in References [16]
and [19] for essentially one way action is used. The depths of the Reference
[31] shear walls were considerably greater than the column depths on which the
ACI 318-71 moment cut-off limitation is based, and the width within which the
reinforcement is effective for transfer of the portion of the moment not trans
ferred by shear is undoubtedly greater for the shear wall case. Most of the
specimens on which the ACI 318-71 limitation is based had column side lengths
to slab over-all depth, h, ratios of about 2.0. Thus, the ACI 318-71 limita
tion of 1.5h could also have been interpreted as three quarters of the column
depth. In that case a limitation for shear walls of the lesser of that value
or half the corridor width, as suggested in Reference [31] is appropriate.
If those additional limitations and interpretations are correct, lateral load
strength and stiffness evaluations for coupling slabs can be made consistent
with similar evaluations for flat plate construction.

DIAPHRAGM ACTION

General

In reinforced concrete construction diaphragm action refers to the trans
mitting of shear forces through the roof or floor of the structure to the lateral
load resisting system. Diaphragms are usually classified as rigid or flexible.
Rigid diaphragms transmit loads to resisting elements in proportion to the rel
ative rigidity of those elements and cause torsional effects when the center of
mass is eccentric from the center of rigidity. Flexible diaphragms transmit
loads in proportion to the area tributary to each element and do not transmit
rotational forces. Between these two limits there is a wide range of flexi
bilities where the behavior depends on the rigidity of both the diaphragm and
the lateral load resisting system [34]. In reinforced concrete structures
diaphragms are really shear walls oriented horizontally. They can usually be
treated as rigid and often must transfer large shear forces between parallel
lateral load resisting sustems. Particular points of concern in rigid diaphragm
design are: (1) assessment of distribution effects; (2) identification of com
patability distortion effects, and (3) proportioning of connections between
diaphragms and the lateral load resisting system.

Distribution of Shears by Diaphragms

Both flexural and shear effects should be considered in assessment of the
relative rigidity of lateral load resisting elements [34]. Ramakrishnan [35]
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conducted elastic behavior tests on six micro-concrete models with differing
heights and wall configurations and found that the shear rigidities determined
the distribution of forces up to wall height to depth ratios of one and a
quarter and that flexural rigidity effects governed above height to depth
ratios of one and three quarters. Lateral deflections were two to three times
the theoretical and the neutral axis shifted within the wall towards the com
pression side with increasing load. The changing behavior with height to depth
ratios and the measured deformations indicate relative flexural to shear rigid
ity ratios less than those based on gross section theories. Another important
lateral load distribution question is the effectiveness of transverse flanges
for both open and closed core wall sections. Ramakrishnan found that for a
closed section, a flange width half the core depth was always fully effective.
However, a width one and one half times the core depth, had no greater strength
ening effect until flexural rigidity considerations clearly governed. Coull
and Adams [36] have presented a simple elastic method for assessing diaphragm
effects considering both bending and torsion. They show that for a tall build
ing a considerable redistribution of load occurs throughout the height of the
building. While planar walls resist most of the shear in the upper stories,
shears flow from those walls through the diaphragms and are resisted predomi
nagely by the core at lower levels. Taranath [37] has studied the effects of
warping on inter-connected shear wall-flat plate structures using finite ele
ment methods that recognized both the warping displacement of open sections and
the warping associated with the flat plate. Neglect of warping effects intro
duced large errors, resulted in marked under-estimations of the core torques
and therefore the longitudinal stresses in the core. The effect of taking
account of the out-of-plane stiffness of the slab, although significant, was of
an order of magnitude less than warping effects. Recently, Stephen and
Bouwkamp [38] reported forced vibration tests on an eleven story reinforced
masonry structure with a structural discontinuity at the mid-length of the dia
phragms. They concluded that for structures where the in-plane stiffness of
the floor system is less than or comparable to the stiffness of the lateral
load resisting system it is incorrect to assume that floors are rigid in their
own plane. .

The dynamic response of moment resistant space frames is very sensitive to
the assumed participation of the floor slab as it restrains the rotation of the
columns at the floor levels. Edgar and Bertero [39] have observed that no sin
gle parameter can be used to define an effective slab width for two way floor
systems. The effective width varies with the aspect ratios for the side lengths
of the diaphragm, the ratio of the flexural stiffness of the boundary beams
to that of the slab, the point of application of the slab loads over the depth
of the boundary beams and the ratio of the torsional stiffness of the trans
verse beam to the flexural stiffness of the flexural beam.

None of the research to date has addressed problems of how the distribution
of shears by diaphragms changes with cyclic loading and cracking. The latter
was probably an important effect in the tests by Stephen and Bouwkamp. Analyses
of large shear panels loaded inelastically and reversed cyclically have shown
that prediction of the results requires consideration of compression softening
of concrete stressed above 0.7f~, the non-closing of previously formed cracks
under load reversals and possibly bond slip effects [40].



Compatability Distortion Effects

Wilby [41] conducted tests on two six story, one fifth scale, one bay by
one bay, three dimensional, reinforced concrete structures. The simulated
seismic loading was applied in one direction only (the longitudinal direction)
of the bi-directionally designed structure. One of the most startling features
of the tests was the severe damage caused to the lateral beams by torsional
effects ignored in the bi-directional design. The rotations of the longitudi
nal beam-column joints rotated the ends of the lateral beams. The slab re
strained those rotations causing large torsional cracks in the lateral beams
and diagonally across the corners of the floor slabs. Those cracks did not
close with loading reversals and concrete spalled off the lateral beams after
only a few cycles to a lateral force of about 0.4 g. As predicted theoreti
cally in Reference [39], the interaction of the slab and the lateral beam
caused a significant increase in the effective stiffness and flexural strength
of the longitudinal beams. While the decrease in flexural and torsional stiff
ness and flexural strength, but not torsional strength of the lateral beams
was significant, it was not critical because the lateral loading was perpen-
dicular to those beams. However, in an actual structure the more skew loading
likely in a real earthquake could cause torsional cracking and strength and
stiffness degradation of all perimeter beams.

Connections Between Diaphragms and Lateral Load Resisting Systems

Popoff [25] has asked what should be the allowable in-plane unit shear
stress at the connection between a diaphragm and a wall. Since diaphragms are
shear walls oriented horizontally much of their likely shear behavior remote
from the connections should be predictable using data for shear walls. However,
at the connection with the lateral load resisting system the in-plane shears
are imposed on a region where gravity loads may already create high negative
moments and high shears. Reinforcement should be adequate to prevent sliding
on that connection plane. Based on extensive research Mattock [42] has pro
posed design procedures to prevent sliding shear failures in reinforced con
crete corbels including situations where the plane is also subject to moment
and direct tension. Testing has shown that approach to also be valid for in
plane shear transfer between slabs and structural steel or precast concrete
beams. Reinforcement should be provided to independently resist the shears,
moment and normal forces acting on the plane of potential sliding. Flexural. and
direct tension reinforcement is prOVided according to ACI 318-71 concepts.
Shear reinforcement is provided according to ACI 318-71 shear friction concepts
or "modified shear-friction" equations in which the ultimate interface shear
stress,v , is taken for normalweight concrete as

u
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v = 0.8p f + 400 psi 1 0.3f'
u v Y c

--(1)

where p is the shear transfer reinforcement ratio. In addition the total
reinforXement ratio p on the interface times f y should be not less than 200
psi and care must be taken to properly bond the shear reinforcement on either
side of the interface. If the connection is also a construction joint rough
ness at that joint is vital if the shear stresses are to reach values given by
Eq. (1). Otherwise the ultimate stresses drop dramatically to 0.6Pvf. If
previous reversed cyclic loading [43] has not caused separation at the inter-
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face, the shear strength for subsequent monotonic loading is unaffected.
However, if the cyclic loading causes separation the shear strength decreases
as the width of the crack increases dropping at ultimate to 0.8 of that given
by Eq. (1). For cyclic loadings and a given stress level the slip is greater
and the separation less than for monotonic loading. Shear transfer across
interfaces is not a good energy absorber since the shear-slip loops become
extremely S-shaped even when that maximum stress is first increased to as
little as half that for failure.

ACHIEVEMENTS OF PAST DECADE AND RESEARCH NEEDS

Flat Plate Construction

Over the past decade there has been research adequate to reasonably de
fine the likely strength, stiffness and ductility characteristics of normal
weight reinforced concrete slab - interior column connections for both cyclic
vertical and lateral loads and for connections both with and without shear
reinforcement. By contrast little information has been generated on the likely
seismic load performance and detailing requirements for slab-exterior and cor
ner column connections especially those incorporating edge beams as required
in most current seismic codes. Future experimental research should be concen
trated in those areas and possibly interior connections incorporating slabs
and beams so that relevant information is also generated for two way slab
systems, pan joist and waffle slab construction. In particular the portion
of the slab that acts with a beam to resist torsion should be defined.
Experimental work is also needed on all types of connections for lightweight
and prestressed concrete construction. Future analytical research should be
concentrated on developing mathematical models that take account of cracking
and inelastic actions, are built on sound reinforced concrete principles and
can define the initial and cyclic loading stiffnesses, the hysteretic damping
characteristics and the limiting ductilities of connections. Once such
models are generated they should be translated into simplified forms suitable
for use with existing computer programs.

Slab and Wall Construction

In spite of the Widespread use in apartment buildings in seismic zones of
slab and wall construction little experimental research has been conducted into
design constraints for the slab. Further, analytical studies have been entire
ly elastic with no account taken of the inelastic actions that must occur in
actual structures even under gravity loads. While the analytical studies con
ducted to date provide general guidelines for assessment of behavior they are
inadequate for use with current and proposed methods for determining earthquake
forces and are likely to result in unsafe structures. Research is needed on
the stiffness of coupling slabs, in appropriate methods for determining the
shear and flexural strength of those slabs and on the detailing of reinforce
ment for those slabs.

DiaphragmS

Little experimental and analytical research has been conducted on rein
forced concrete diaphragms. More precise information is needed on the factors
dictating their flexibility and in particular any restrictions on their flexi
bility relative to that of the lateral load resisting system. Experiments



should be undertaken to define the changes in flexibility likely with crack
ing and inelastic action, and with differing boundary elements and configura
tions. Particular attention should be given to the three-dimensional nature
of a building's response to earthquakes and how compatability constraints
imposed by diaphragms affect that response. Constraints on the connection
of diaphragms to the lateral load resisting system should be identified and
rules developed to ensure that such connections are not the weak point of the
structural system.
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Fig. 4a IDEALIZED SLAB-COLUMN ELEMENT

d/L

Fig. 4b EFFECTIVE WIDTH OF SLAB [20]
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Recent research has indicated that properly designed infilled frames have
several advantages over comparable bare frames, particularly if they may be
subjected to severe ground motions (Ref. 1, Fig. 1).

~AXIAL
~JACK.I

310cm I.~~~.~

FIG. 10 BARE FRAME SPECIMEN
FIG. Ib INFILLED FRAME SPECIMEN

As shown in Fig. 2, infilled frames offer significant increases with respect
to strength, stiffness, and energy dissipation capacity. This performance
can be achieved using the following design gUidelines:

(1) Frame members (particularly the columns) are designed for high rotational
ductility and resistance to degradation under reversed cyclic shear loads.

(2) Gradual panel degradation is achieved by using closely spaced horizontal
and vertical infill reinforcement.

(3) Panel thickness is limited so that the infill cracking load is less than
the available column shear resistance.

+8 j I+H-E) 300

-300

+HlkN)

CALCULATEO (RIGID-PLASTIC)

_B::~:RAME:\

+8lcml
10 20

EXPERIMENTAL
(TESTa4)

FIG. 2 COMPARISON OF HYSTERETIC BEHAVIOR BETWEEN BARE FR AME (TESnl)
AND INFILLED FRAME (TE5T0I041



The ductile behavior of this type of infilled frame is considerably
different from ductile shear wall behavior. A ductile shear wall is designed
to fail in flexure. Under complete load reversals, this type of failure often
results in the opening of cracks which run through the cross section of the
wall. Rotational ductility is then generally limited by resistance to sliding
shear failure, which is particularly likely to occur at the base of the wall,
or at horizontal construction joints. While such failure may be prevented or
delayed by diagonal steel, it may be difficult to place and anchor a suffi
cient amount of diagonal steel throughout the height of the wall.

In contrast, the type of infilled frame considered herein is designed to
respond inelastically as a braced frame. Its failure is governed by crushing
of the equivalent diagonal compressive struts in the infill panels. To ensure
that an infilled. frame subassemblage will fail as a braced frame rather than a
ductile shear wall, it must be designed so that the lateral shear necessary to
cause flexural failure considerably exceeds that required to produce infill
crushing.

Although the high strength and stiffness of flexural shear walls result
in good earthquake resistance, it may be difficult to repair a flexural shear
which has been badly damaged by a severe earthquake. On the other hand, a
comparably damaged infilled frame can be repaired by removing the damaged
infill panels and replacing them with new ones.
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1. Klingner, R. E., and Bertero, V. V., "Infilled Frames in Earthquake
Resistant Construction," Report No. EERC 76-32, Earthquake Engineering
Research Center, University of California, Berkeley, 1976.
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INTRODUCTION

General

Observations of the performance of buildings subjected to earthquakes
during the last decade have focused attention on the need to minimize damage
in addition to ensuring the general safety of buildings during strong earth
quakes [1-3]. The need to control damage to both structural and nonstructural
components during earthquakes becomes particularly important in buildings such
as hospitals and other facilities which must continue operation following a
major disaster. Damage control, in addition to life safety, is also economic
ally desirable in tall buildings designed for residential and commercial occu
pancy, since the nonstructural components in such buildings usually account
for from 60 to 80 percent of the total cost. For the purpose of this discus
sion, a strong earthquake is that which can reasonably be expected to occur
several times during the life of a structure.

While reinforced concrete rigid frame structures have performed reason
ably well in earthquakes, particularly with respect to the primary performance
criterion of life safety (i.e., no collapse), their inherent flexibility usu
ally results in lateral displacements that cause significant damage to non
structural components in a building. Reinforced concrete structural walls (or
shear walls) have long been used to stiffen tall buildings against wind. When
properly designed, walls offer one of the most logical and economical means of
minimizing damage in buildings subjected to strong ground motion.

There is little doubt that structural walls offer an efficient way to
stiffen a building against lateral loads. When proportioned so that they
possess adequate lateral stiffness to limit interstory distortions to accept
able levels and designed to maintain their strength under the earthquake
induced motions, walls effectively reduce the likelihood of damage to the
nonstructural elements in a building. When used with rigid frames, walls form
a structural system that combines the gravity-load- carrying efficiency of the
rigid frame with the lateral-load-resisting efficiency of the structural wall.

In its simplest form, the frame-wall structure consists of an unperfor
ated wall linked to a rigid frame. The linkage may consist of beams rigidly
connected to the wall or just the floor slabs. Often, the 'wall' in a frame
wall system takes the form of coupled walls, i.e., walls in the same plane
connected by beams. This is typical in the corewalls of so-called 'hull-core'
or 'tube-in-tube' systems. As mentioned, the structural walls in frame-wall
systems, whether consisting of single unperforated walls or of coupled walls,
are generally used in multistory buildings when the stiffness of the frame
alone (as designed for gravity loads) is not sufficient to limit the lateral
displacements due to wind or earthquake motions to tolerable levels. It is
mainly this application of walls in multistory structures which will be
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discussed here. The behavior of short walls, i.e., walls with a height-to
depth ratio of less than about 2, is governed by slightly different considera
tions [4] than those applying to tall, relatively slender, walls and will not
be discussed here.

Distinguishing Feature

A major distinction between the typical frame-wall system and the rigid
frame structure is the interaction that takes place between the frame and the
wall under lateral loading (Fig. 1). This interaction, which results from the
tendency of the basic elements to deflect in different modes under lateral
load, often gives rise to horizontal story shears acting on the frame columns
at the top stories which are greater than the corresponding total applied
story shears. In the presence of major discontinuities in stiffness, particu
larly in the wall, this same interactive behavior can result in horizontal
story shears acting on the wall and the frame which, separately, can be appre
ciably greater than the corresponding total applied story shears. This is
illustrated in Fig. 2, which shows the horizontal story shears resisted by the
wall and the frame columns in a statically loaded frame-wall structure where
the wall is discontinued at the first story [5]. The story shear shown as
corresponding to the wall at the first story level is actually resisted by the
columns supporting the wall. Under strong ground motion, high ductility or
deformation requirements tend to be associated with such discontinuities.

Note that horizontal interactive forces due to lateral loads can also
occur between coupled walls which have different stiffness distributions along
their height, as shown in Fig. 3.

BASIC PLANNING AND DESIGN CONCEPTS

Typical Plan Configurations

The general objective in the design of frame-wall structures for strong
ground motions is the 'provision of sufficient stiffness, strength and deforma
tion capacity to withstand the induced forces and deformations while limiting
the overall displacements to acceptable levels. In planning mUltistory frame
wall structures to meet this objective, certain general features are desir
able. Among the more important of these are plan symmetry, the avoidance of
significant discontinuities in mass, stiffness or geometry and the location of
stiffening elements where they are most effective in resisting displacements
parallel to the plan axes as well as torsional motions. This third consider
ation requires that structural walls be located close to the plan periphery.
Because torsion (whether due to the non-coincidence of the centers of mass and
resistance or to phase differences in the excitation of various points at the
base of a structure by seismic waves propagating at finite speed [6]) can
induce significant forces in corner vertical elements, an effort should be
made early in the design stage to minimize its effects. The above three basic
desirable features are intended to minimize torsional effects and the force
concentrations and associated deformation requirements that occur at regions
of major discontinuity in a structure. An example of a plan for a rectangu
lar building illustrating the above plan features is shown in Fig. 4.

A frame-wall plan configuration that is commonly used in tall office
buildings is the so-called 'hull-core' or 'tube-in-tube' system, consisting of
a centrally located service core and a closely spaced grid of frame elements
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(Fig. 5). In this system the corewalls are usually perforated for elevator
doorways and other openings and thus function as coupled walls in one or both
directions.

A more effective disposition of the stiffening walls, particularly with
respect to torsional resistance, would have narrower walls located closer to
the plan periphery. The walls can then be coupled by beams to increase the
overall stiffness of the system and provide the desirable energy-dissipating
mechanism in the event of a strong earthquake. The Banco de America building
in Managua is a good example of this arrangement (Fig. 6). For certain plan
proportions and building uses, however, this type of layout may not be too
welcome from the architectural point of view nor too efficient from the mech
anical/electrical services standpoint.

Belt Courses

A device used to enhance the coupling between the different vertical ele
ments, and hence increase the overall lateral stiffness, of relatively tall
structures is the so-called 'belt course'. This is a one- or two-story-deep
beam extending across the width of the structure (Fig. 7). The principal pur
pose of such heavy beams is to allow the resulting structure to resist the
overturning moment due to lateral loads more by cantilever action, that is, by
mobilizing to a greater degree the axial resistance of the connected vertical
elements. Belt courses are usually located at the top of the structure and at
one or more intermediate floors where mechanical equipment and other services
can be placed. Studies on the optimal location of belt courses are reported
in References 7 and 8.

The use of reinforced concrete belt courses has proved quite effective in
systems subjected primarily to wind loading. Their use in earthquake-resis
tant frame-wall systems, however, may require special attention. The fact
that they represent regions of discontinuity along the height of the structure
with accompanying high shears, and their appreciably greater stiffness and
strength relative to the connected frame columns will almost ensure signifi
cant yielding in the columns. Also, the tensile forces that may be developed
in the connected vertical elements will tend to reduce their shear (and defor
mation) capacity. Because of these considerations, the increase in overall
lateral stiffness obtained by greater coupling may be outweighed by the nega
tive effects that the use of belt courses may have on the behavior of frame
elements attached to it.

Earthguake-Resistant Design Concepts

In addition to the general layout of the building in plan and elevation,
there are considerations relating to the manner in which each structural ele
ment making up the system is to function under progressively increasing ampli
tudes of deformation associated with response to strong ground motion.

A major advantage of frame-wall systems, as compared to isolated walls,
i.e., parallel walls not in the same plane and connected by floor slabs, is
their structural redundancy. This redundancy allows the engineer the option
of designing into a structure a hierarchy of elements such that inelastic
action occurs first in secondary elements and progresses up the scale to pri
mary elements as the overall deformation of the structure increases. The term
secondary is used here to denote elements which are not critical to the over-
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all stability of the structure, i.e., elements in which distress caused by
excessive· inelastic action cannot seriously undermine the overall gravity
load-carrying capacity of the structure. Secondary elements will generally
take the form of beams but may also be vertical walls specifically designed
for this purpose. The desirable condition would be to have most of the
inelastic action and energy dissipation occur in secondary elements.

Thus, coupled wall systems can be so proportioned that significant yield
ing under strong ground motion occurs in the coupling beams before inelastic
action takes place at the bases of the walls. The so-called "strong column
weak beam" concept used in proportioning moment-resisting frames also serves
the same purpose of forcing most of the inelastic action to take place in ele
ments that are less critical to the overall stability of the system. The same
general concept applies to frame-wall structures where the wall is designed to
be the principal lateral-load-resisting element while the frame carries most
of the gravity loads. Figure 8 shows an example of a plan where the walls
need not be relied on to carry the gravity loads.

Structural Wall and Frame -- In a frame-wall system consisting of a
single (i.e., not coupled) wall connected to a frame, yielding under strong
ground motion is most likely to occur first at the base of the wall (unless
the beams connecting the wall to the frame are very stiff, i.e., deep or have
short spans). In many cases, the wall serves not only as the major lateral
load-resisting element but also carries a significant portion of the gravity
loads. The axial compressive forces produced by gravity loads on the wall
tend to increase the shear capacity of the wall and help reduce tensile
stresses at the foundation level. However, because yielding can occur early at
the base of the wall, it is important to design the wall so that its vertical
load-carrying capacity is not impaired as a result of hinging at the base.

Coupled Walls and Frame -- A preferable configuration, and one that
occurs often in practice, is a system consisting of coupled walls connected to
a frame. In such a system, most of the inelastic action (energy dissipation)
can be made to occur in the coupling beams before yielding occurs at the bases
of the walls [9,10]. The strength (i.e., yield level) of the coupling beams
can be varied along the height of the structure to permit most of these to
yield at a predetermined deflection, if desired. Because of the feasibility
of controlling the hinging sequence and the relative ease and economy with
which the coupling beams in a coupled wall system can be repaired, this type
of structure stands out as a most appropriate subsystem for earthquake-resis
tant reinforced concrete structures. Its superior behavior is such that, even
when a solid wall is called for, it may be desirable to deliberately design
and detail the wall as a coupled wall system, with nonstructural filler panels
used to cover the spaces between coupling beams. This may require compensat
ing for the stiffness lost by introducing coupling beams in place of the solid
web of the wall. However, it is believed that this is a reasonable price to
pay for an improved performance which allows most of the inelastic action to
take place in secondary, easily repairable, elements (i.e., coupling beams)
rather than at the critical section near the base of the wall.

In all of the above schemes, it is assumed that the individual structural
elements making up the frame-wall system will be designed to provide the
necessary strength and deformation capacity. The results of recent tests con
ducted in various laboratories on large-size coupled wall [4, In, and iso
lated wall specimens [12-14], as well as coupling beams [15-18], beam- and
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slab-column connections [20-30], and columns [31-33],.subjected to slowly
reversing loads indicate that it is economicallY feaslble to deslgn frame-wall
structures with capacities equal to or greater than the expected demands asso
ciated with response to strong ground motions.

Special Details -- In planning a structure for earthquake resistance,
certain features (e.g., symmetry, avoidance of major discontinuities, etc.)
have been pointed out as being desirable in order to reduce the forces induced
in the structure. This objective of reducing the forces induced by ground
motions can logically be pursued further by introducing special devices or
mechanisms into the structure.

Among a number of proposals advanced to improve the response characteris
tics of a structure through the use of special devices or mechanisms are: (a)
isolation devices to limit the magnitude of the earthquake forces transmitted
to the superstructure. These may take the form of ball-bearing or Teflon pads
combined with dampers [34, 35] or columns at the base designed to yield at a
predetermined deflection, i.e., soft story concept 86, 37]; rocking ball
mechanisms 88] and similar devices, and (b) mechanisms designed to provide
additional energy dissipation through yielding, either in bending 89] or
direct tension MO] of specially mounted steel rods. A method of increasing
the lateral deformation capacity of walls by introducing slits into it (i.e.,
the "slitted wall"), thereby converting it essentially into a series of
closely spaced columns has also been used [41] .

While these special devices, if reliably designed and properly main
tained, can provide some attenuation in response and in a sense increase the
margin of safety in design, the basic problem should still be recognized as
that of determining reliable estimates of the demands, corresponding to any
particular configuration, and the correlation of these with available capa
cities. Obviously, where conventional systems can be shown to provide the
necessary capacity economically, these would be preferred.

THE DESIGN PROBLEM

Basic Requirements

As in all structures to be designed for earthquake resistance, the basic
design requirements for frame-wall structures consist of:

(1) Estimates of the force and deformation demands in critical regions
of structures corresponding to different combinations of the significant
structural and ground motion parameters. These data on demands deal pri
marily with the requirement of life safety, i.e., the prevention of col
lapse under the design earthquake.

An auxiliary consideration is the combination of stiffness and
strength needed to minimize damage to both structural and nonstructural
components by limiting the overall structural displacements.

(2) Estimates of the strength and deformation capacity of typical
structural elements corresponding to different values of the significant
design parameters, i.e., element cross-section, reinforcement details,
axial load, level of shear, etc.



The compilation of comprehensive data on force and deformation demands
which can serve as bases for a design procedure will require extensive dynamic
inelastic analyses of realistic models of the basic structure. The desired
information should show the variation of demand with the significant struc
tural and ground motion parameters. In a similar manner, design data which
can be used for proportioning members must be obtained through a systematic
test program using large-size specimens subjected to realistic loading condi
tions.

At present, there is a lack of design information relating to frame-wall
systems reflecting a correlation between force and deformation demands with
corresponding capacities. There has been no systematic compilation and corre
lation of data aimed specifically at developing design information for use in
everyday practice.

Typical Design Approach

Apart from a straightforward adherence to standard code requirements, the
usual approach to the design of multistory buildings which justify a more
than-usual investigation, i.e., beyond that normally required by codes, con
sists in carrying out elastic time-history analyses of appropriate models
using a few input accelerograms [42,43] . Engineering judgment is then used
to arrive at design values by allowing for inelasticity developing in criti
cally stressed members on the basis of the calculated elastic forces and dis
placements.

In other cases, estimates of the maximum overall displacements and the
associated forces are obtained by modal superposition using smoothed or aver
aged response spectra. The most common practice is to take the square root of
the sum of the squares [44-46] of the response corresponding to the first few
significant modes (assuming the modal frequencies to be spaced far enough from
each other). Where the calculated elastic moment is greater than the known
yield moment of a member, the ductility requirement is sometimes estimated on
the basis of the overstress ratio, i.e., the ratio of the maximum elastic
moment to the yield moment.

Comparisons [9, 47] of the results of linear and nonlinear dynamic
analyses, however, have shown that while an elastic analysis may provide fair
estimates of the maximum overall structural displacements, it can grossly
underestimate the magnitude of the inelastic deformations in critical regions
of structures. In order to obtain reliable data on deformation demands,
inelastic time-history analyses of realistic models are required.

A design procedure proposed by Shibata and Sozen [48] replaces the planar
model of a structure by a "substitute (elastic) structure" with reduced stiff
ness and an equivalent viscous damping based on assumed tolerable damage
levels. The design forces are then obtained by a modal superposition analysis
of the substitute structure using linear response spectra. The procedure
allows, in an approximate and indirect way, for the local concentration of
inelastic deformations in critical members.

A more elaborate analysis and design procedure employing both linear and
nonlinear time history response analyses was discussed by Bertero and Kamil in
Reference 49. The approach includes a logical progression from linear dynamic
analysis for preliminary proportioning of elements to a verification of the
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final design by inelastic dynamic analysis, a procedure clearly desirable for
major projects. The method allows an examination of the deformations in crit
ical regions of structures. However, because the procedure requires the use
of dynamic analysis programs, its use on moderate-sized projects by the aver
age engineer - who may not have access to the necessary computing facility or
even the time to familiarize himself with the programs - may be limited.

The Need for a Simple Rational Design Procedure -- From the point of view
of broad application, it would be desirable to have at the disposal of the
average engineer relatively simple and practical design information which pro
vides reliable estimates of the force and deformation demands in critical
regions of structures as well as guides on the proper proportioning of ele
ments to provide the required capacity. Such information should cover the
practical range of variation of the significant design parameters. The devel
opment of this design information will obviously require a comprehensive and
integrated analytical and experimental program of investigation.

PROPOSED PROCEDURE FOR DEVELOPMENT OF DESIGN INFORMATION

Generation of Data on Demand Through Dynamic Inelastic Analysis

It has often been noted that although our structural analytical capabil
ities have advanced considerably during the last two decades - mainly as a
result of the electronic digital computer - this advance has not been matched
by a corresponding improvement in the overall bases for the design of struc
tures, particularly with respect to strong ground motions. While this condi
tion may be typical of scientific progress in general, that is, of theoretical
analysis spearheading the development of rational design procedures, it would
seem desirable at this point to seek to narrow this gap by taking full advan
tage of our vastly improved analytical capability to further the aims of
structural design.

It is worth noting that except for the investigation of individual struc
tures, most analytical studies on dynamic earthquake response have been con
cerned mainly with either examining the validity of certain proposed mathemat
ical models of structures or with parametric studies of response. Relatively
little effort has been spent in a systematic compilation of force and defor
mation demands corresponding to different combinations of the significant
design variables.

There is no doubt that the development of adequate mathematical models
constitutes the first step in the preparation of the necessary tools for
dynamic analysis. In assessing the validity of a proposed model - developed
to account for an action or mechanism judged to be significant in a structure
- the results of dynamic analyses using the model are usually compared with
data obtained from shaking table tests of specimens designed specifically for
this purpose [0, 50-52], or with observed damage of actual structures sub
jected to earthquake motions [9,47,53]. The accuracy of the analytical
prediction (and hence the validity of the proposed mathematical model) with
respect to the observed experimental behavior is generally determined by a
comparison of time-history response curves for nodal displacements. In the
case of structures damaged by earthquakes, the damage which may be inferred
from calculated deformations is compared with the extent of observed damage.
In this connection, the importance of using the proper criteria in establish
ing the equivalence between analytical and experimental results should not be
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overlooked. For instance, from the design standpoint, it is more important to
have reliable estimates of the critical force and deformation demands in local
regions of primary elements than of overall or gross structural displacements,
which are generally not as sensitive to parameter variations. Thus, agreement
between analytical and experimental results in terms of rotational ductilities
in critical regions, rather than in terms of overall or top displacements, may
be the more significant criterion in such comparisons.

In developing information for use in design practice, a slightly differ
ent approach must be taken to utilize our dynamic inelastic analysis capabili·
ties. In contrast to the basic use of analysis to assess the validity of cer
tain mathematical models or modelling techniques, the estimation of critical
force and deformation demands in primary elements of typical structural con
figurations requires the systematic compilation of response data for practical
ranges of values of the significant parameters. It is in the generation of
comprehensive data on demand to serve as bases for a design procedure that
dynamic analysis can find one of its most useful applications. This, of
course, assumes the use of an adequate mathematical model as a basic analyt
ical tool. While there will always be room for improving our models, particu
larly as our knowledge of structural behavior improves, it is believed that we
at present have the necessary tools to determine reasonably good estimates of
earthquake demands in structures.

Because of the need for simplicity in the design proc~dure, only the most
significant parameters can be considered in the formulation of the design
methodology. Therefore, a parametric study to determine the relative impor
tance of the different variables affecting dynamic structural response is
necessary.

For the particular case of frame-wall structures, the relative influence
of the following basic structural parameters on the force and deformation
requirements in critical regions may have to be examined:

where coupled
walls are used

may be single wall(s) or
coupled walls

'wall'

1. fundamental period of structure (as affected primarily by stiffness)
2. yield level in flexure of walls
3. yield level in shear of walls
4. coupling beam-to-wall stiffness ratio }
5. coupling beam-to-wall strength ratio
6. frame-to-wall stiffness ratio }
7. frame-to-wall strength ratio
8. foundation rocking

Once the significant variables have been isolated, a comprehensive series
of analyses can be undertaken to compile data on estimated demands correspond
ing to measures of available capacity obtainable from experiments. The gener
ation of design data will involve analyses using several input accelerograms
of reasonable duration and having frequency characteristics designed to excite
a structure critically [54]. Furthermore, analyses using input motions of
varying intensity will have to be carried out to obtain data corresponding to
varying ranges of expected ground motion intensity. In order for the dynamic
response data to fulfill the requirements implied in this application, the
analyses must obviously be quite comprehensive.
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Development of Experimental Data on Capacity

It is clear that any advance in design capability will have to rely
heavily on experimental data concerning behavior of elements and structures,
in addition to analytical results. Until relatively recently, little in the
way of experimental data has been generated relating to the behavior of typ
ical structural configurations, and particularly of structural walls and wall
systems, subjected to earthquake or earthquake-type loading. Whether this is
a reflection of funding priorities - given the generally greater cost of
experimental programs - or an indication of the preference on the part of many
researchers to undertake analytical studies rather than experiments, is not
clear. However, it is clear that if a significant advance is to be accom
plished in the area of design, a systematic approach combining both analysis
and experiment must be considered. Such an effort must be specifically aimed
toward the development of design procedures covering the more important struc
tural types.

The development of design data to guide the proportioning and detailing
of structural elements and systems for a specified strength and deformation
capacity will require the systematic determination of the effects of different
structural and loading variables through testing of large-size specimens under
representative loading conditions. Such tests, designed to isolate, to the
extent possible, the effect of each major variable, would obviously have to be
fairly extensive.

Experimental investigation of the effects of the following variables on
the strength and deformation capacity of structural walls and wall systems is
needed:

1. wall cross-section
2. concrete strength
3. confinement reinforcement
4. shear reinforcement
5. level of applied shear
6. moment-to-shear ratio
7. axial load.

In the process of obtaining experimental information on capacity for
different element types, the feasibility of utilizing special reinforcement
details not normally used in conventional reinforced concrete construction
should be explored [4,11,15,16,19,27] . The effectiveness of alternative
details designed to enhance the resistance of elements to cyclic inelastic
deformations under high shears should be examined. For instance, the effec
tiveness of diagonal web reinforcement at the base of structural walls
deserves consideration (Fig. 9). It is believed that with proper detailing of
the anchorage of the diagonal bars and confinement of the region in the web
near the corners of the base, such a detail would prove more effective than
horizontal bars. Construction of such a detail need not cause undue diffi
culties if it is prefabricated and used only in potential hinging regions,
especially at the bases of walls.

Correlation of Data on Demand and Capacity

The response data from dynamic inelastic analyses should provide esti
mates of the stiffness requirements to limit distortions in structures to



tolerable levels as well as force and deformation demands corresponding to
particular combinations of the significant structural and ground motion para
meters. The force and deformation demands in regions of elements which become
inelastic are of particular interest, since design attention will have to be
focused on these inelastic regions. Such analytically derived data on demand,
when correlated with experimental data on capacity, can serve as bases for
determining appropriate force levels to be used in design.

The development of practical design information based on a correlation of
analytically determined demands and experimentally derived capacities can be
tedious but otherwise fairly straightforward. However, relatively little has
been done to generate the necessary information and carry out the correlation
to the point where results useful to the design engineer can be formulated.
An effort along the lines suggested here has been initiated and is now in
progress at the Portland Cement Association, for the particular case of iso
lated structural walls [55]. The project is sponsored in major part by the
National Science Foundation. An indication of what can be done for the case
of frame-wall structures may be obtained by considering a few of the results
of this particular study.

Determination of Design Force Levels (for Isolated Structural Walls)

Figures 12 to 16 illustrate the results of the dynamic analyses of 20
story isolated structural walls (Fig. 10) subjected to input motions having a
spectrum intensity* equal to 1.5 times the spectrum intensity of the N-S com
ponent of the 1940 El Centro record ( = SI f)' The graphs shown in these
figures represent the maximum response to ~~x'different input motions. Simi
lar graphs have been prepared for walls of different heights and input motion
intensities equal to 0.75 and 1.0 (SI f)' The intent in determining the
critical dynamic response quantities f@r'different input motion intensities
was to have such values available in anticipation of the development of seis
mic regionalization maps defining zones in terms of the maximum spectrum
intensities of the expected motions - or some quanitity related to these - and
their corresponding return periods or recurrence intervals.

The structural models used in obtaining Figs. 12 to 16 had the following
common characteristics: viscous damping coefficient for first and second
modes = 0.05; yield stiffness ratio, i.e., the ratio of the slope of the
second, post-yield branch to the slope of the initial 'elastic' branch of the
bilinear M_8 curve, = 0.05; parameters characterizing the 'decreasing stiff
ness' hysteretic loop (Fig. 11): unloading parameter, a = 0.10, reloading
parameter, ~ = 0; stiffness of wall uniform throughout height; strength,
i.e., Mv' uniform throughout height except for adjustments to reflect effect
ofaxia1 load; and, wall fully fixed at base, with the input motion applied
directly to base.

Figures 12 and 13 show the variation of the maximum top displacement and
interstory displacement, respectively, with th% initial fundamental period for
different values of the available ductility, ~. The essentially identical
maximum displacements of structures having different available ductilities
(for the same period), a behavior observed earlier with respect to single-

*defined as the area under the 5%-damped velocity response spectrum corres-
ponding to 10 seconds of the ground motion, between periods 0.1 sec to 3.0
sec.
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degree-of-freedom systems [56) as we 11 as frames [47) , wi 11 be noted in these
figures. The variation of the minimum yield level, M, required at the base
of the wall with the fundamental period, for differen¥ values of the available
ductility, is shown in Fig. 14. As might be expected, the figure shows that
for a given fundamental period, a higher available ductility implies a lower
minimum required strength (yield level) at the base.

In determining ductility requirements for use in design, a study was con
ducted [55] to assess the relative magnitudes of the different measures of
deformation in the hinging region that have been used in the literature. The
measures of deformation considered are shown in Fig. 18. These include three
measures of rotation and one of rotational energy. The study involved the
calculation of all four measures for both dynamic analysis results and test
specimens. A comparison of these different measures of deformation indicated
that, at least for the samples considered, .the satisfaction of the deformation
requirement in terms of rotational ductility, ~r ' generally ensures the sat
isfaction of the other measures of deformation.

Figures 15 and 16, based on dynamic analysis results, show examples of
charts that can be used in actual design work. These charts, together with
Fig. 17, which summarizes the essential results of tests of isolated struc
tural walls of varying cross-section and detail [14], form the basis for
establishing the design force levels to be used in proportioning the struc
ture. The use of the charts is best explained by describing the steps in the
design procedure. A similar general procedure can be applied to frame-wall
systems, with appropriate modifications to cover the additional considerations
involved in the more complex systems.

(1) Preliminary Design -- A logical first step is a design satisfy
ing gravity and wind loading requirements. Here the proper disposition
of stiffening elements in plan, with particular regard to symmetry and
torsional resistance, cannot be over-emphasized.

From the preliminary design an initial effective stiffness can be
assumed and the corresponding initial fundamental period, T1,
determi ned.

(2) Stiffness Design for Damage Control -- As far as stiffness and
the associated displacements due to ground motion are concerned, the
major design considerations are (a) the stability of the structure, and
(b) damage control. Generally, the considerations related to damage con
trol govern, i.e., the damage control criteria are more stringent than
those related to stability.

The maximum tolerable deformation, whether expressed in terms of
the ratio of the maximum top displacement to the total height or of the
maximum interstory displacement to the story height, which can be con
sidered acceptable in order to limit damage to nonstructural components
of buildings has not been clearly defined. Obviously, this will depend
on the material of which the critical component is made and the mounting
or attachment details used.

Figures 12 and 13, or similar ones for other structure heights and
earthquake intensities can be used as guides in selecting the appropriate
fundamental period, and hence stiffness, once the tolerable maximum dis
placement has been selected or assumed.
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(3) Design for Strength and Deformation Capacity: Base of Wall

(a)aAssume an available rotational ductility at the base of the
wall, ~r' A trial value may be obtained from a chart such as shown in
Fig. 17 (based on experimental data) showing available rotational duc
tility as a function of the maximum nominal shear stress, by entering the
chart with an assumed value of the maximum shear stress.

(b) Determine the minimum yield level require~~ the base, MTI~n
using a chart such as is shown in Fig. 16, giving M~ as a functionYof
the funda~~~al period, T" and the available ducti1ity, ~r' This
value of M can be used to determine the required flexural reinforce
ment at th~ base of the wall, if the value of the nominal shear stress
assumed in (a) is verified as correct or acceptable.

Also determine the flexural design factor, k, from chart ~uch as is
shown in Fig. 15, giving this factor as a function of T1 and ~r' Then
calculate the total horizontal design force, VT = kW, wnere W1S the
total effective weight of the structure.

(c) Determine the shear design factor, a, fr~m a chart such as Fig.
18, showing this factor as a function of T, and ~r' Then calculate
the effective static design sheat for prQPOrtioning the shear reinforce
ment at the base, Vd . = r akW = r avT, where r is an
appropriate reduction ~~C~9r in~ended t~ account forVthe over-conserva
tism inherent in the critical dynamic shears shown in Fig. 16 when com
pared to the shear capacity obtained from the experimental program.*

(d) Using the experimentally derived chart shgwn in Fig. 17, or a
similar chart, check if the available ductility, ~r' assumed in Step (a)
can be developed under the design shear stress determined in Step (c).

If the assumed ductility can be developed, then determine the
required'shear reinforcement - using design and detailing recommendations
developed on the basis of the experimental investigation. If the assumed
ductility cannot be developed under the calcula~ed design shear stress,
adjust the assumed available ductility value, ~r' and/or modify the wall
section dimensions to reduce the shear stress (a recalculation of the
period, T , may be required in the latter case), and repeat Steps (a)
through (~) until a reasonable agreement between assumed and developable
ductility is obtained.

The above comparison between assumed and developable values can
alternatively be carried out in terms of the shear stress instead of duc
tility, which can then be assumed as fixed.

(4) Design of Upper Portions of Wall -- Determine flexural and
shear reinforcement required in upper portions of wall on the basis of
the distribution of VT ( = kW). (The appropriate distribution of VTis still being studied.)

A check on the ductility requirements in upper portions of the wall,
in a manner similar to that used for the base of the wall, may have to be
considered.

*The reasons for this over-conservatism are given in Reference 55.
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A major distinction between the above-described procedure and current
simplified design procedures is the explicit relationship established between
the principal structural parameters, i.e., the fundamental period and yield
level, and the force and deformation requirements in the critical regions of
walls as well as the manner in which these have been correlated with experi
mental data to yield design forces. A design procedure for frame-wall systems
can be developed along similar lines, with appropriate modifications to re
flect the effect of other structural parameters characterizing the more com
plex systems.

Some Questions Concerning Loading

In correlating capacity values obtained from experiments with demands
estimated from dynamic inelastic analyses, it is essential that the capacity
values be derived under conditions closely approximating those prevailing
under dynamic conditions. This is particularly important for those conditions
or factors which have significant influence on the behavior of reinforced con
crete elements. The validity of any correlation between demand and capacity
will depend on how representative the loading conditions used in the labora
tory are of actual dynamic response. While there are many aspects to this
problem [57], only two factors will be discussed here.

Representative Loading History; Effect of Sequence of Deformation --
For the purpose of obtaining detailed data on specimen behavior for design
applications, the most common loading program used in quasi-static tests of
large-size specimens under cyclic reversed loads consists of imposing deforma
tion cycles of progressively increasing amplitudes until failure occurs
[11-33] (Fig. 19(a) and (b)). The maximum forces and deformations sustained
are then noted as indicating capacity. It has been suggested by Bertero [57]
that such a loading program may not be as conservative as a program in which
the peak deformation is imposed early in the test.

The development of a 'representative' loading history for critical
regions in structures which can be used in testing large-size specimens under
slowly applied reversing loads is one of the more important results that can
be obtained from dynamic inelastic analyses. Such a loading program would
have to be defined in terms of the maximum amplitude of deformation, the
number of cycles of large amplitude and the sequence in which the large-ampli
tude cycles occur, with particular reference to the first large-amplitude
cycle. The deformation of interest in most cases will be the total rotation
that occurs in the hinging region of elements. In addition, the intensity of
the accompanying shear and axial load and the variation of these relative to
the deformation will have to be noted.

In application, laboratory tests using a loading history developed on the
basis of dynamic analyses will have the character of proof tests. A specimen
that sustains such a loading program without significant loss of strength can
be said to be adequate with respect to design and details for the particular
combination or range of values of the significant design variables represented
by the loading program.

A study of loading history for isolated structural walls now underway at
PCA, for example, indicates that the maximum number of large-amplitude (i.e.,
0.75-1.0 of the maximum) cycles of deformation at the critical section near
the base rarely exceeds six for a 20-second duration input motion [58]. The



input accelerograms used were synthesized by repeating the first ten seconds
of strong motion to give a total of twenty seconds. Samples of the composite
20-second accelerograms used in the study are shown in Fig. 20.

Figure 21 shows histograms indicating the number of "fully reversed
cycles" and the number of inelastic cycles of rotational deformation calcu
lated at the base of the wall. For the purpose of Fig. 21(a), a "fully
reversed" cycle was defined as a cycle with at least one peak value between
0.75 and 1.0 of the calculated maximum amplitude and the other - on reversal 
between 0.50 and 1.0 of the maximum. A total of 170 cases are represented in
Fig. 21, covering wall heights from 10 to 40 stories, fundamental period val
ues from 0.8 to 3.0 seconds, yield level values ranging from 33,890 to 338,940
kN.m (300,000 to 3,000,000 in-kips) and spectrum intensity values for the in
put motions from 0.75 to 1.5 times that corresponding to the first 10 seconds
of the N-S component of the 1940 El Centro record (Imperial Valley earth
quake). A total of 10 different input motions were used, including one arti
ficially generated accelerogram. Further details of the study are reported in
Reference 58.

The inelastic cycles plotted in Fig. 21(b) include "large" and "small"
amplitude inelastic cycles, a large amplitude being defined as an inelastic
rotation between 0.75 and 1.0 of the corresponding maximum. The amplitude of
a wave in all cases was measured from the initial (zero) position. Thus, in a
rotation-vs.-time plot such as is shown in Fig. 22, a rotation cycle that
exceeds the horizontal line representing the initial yield value was consid
ered inelastic.

Of particular interest insofar as sequence of loading is concerned is the
fact that in many cases, a deformation equal or close to the maximum occurs
quite early in the response, with hardly any inelastic cycle preceding it.
This is indicated, for example, in Fig. 22 which shows the history of rota
tional response of the node at the first floor level (representing the total
rotation occurring in the segment between the fixed base and the first floor
level) of 20-story walls subjected to the first 10 seconds of the E-W compo
nent of the 1940 El Centro record. A plot summarizing the information on this
particular aspect of response for the 170 cases studied is shown in Fig. 23.
This figure clearly demonstrates that for the particular type of structure
considered, it is reasonable to expect a deformation amplitude equal or close
to the maximum occurring early in the response, with no inelastic cycle pre
ceding it.

Preliminary results of tests on isolated structural walls conducted at
PCA and designed to verify the effect of sequence of loading indicate that a
loading program in which the design maximum deformation is imposed early in
the test, with only an elastic cycle preceding it, as shown in Fig. 19(c) and
(d), can be much more severe than a program consisting of reversed cycles of
loading with amplitudes progressively increasing to the maximum (Fig. 19(a».

Effect of Character of Shear Loading -- In addition to deformation his
tory, it is important, in simulating earthquake response through quasi-static
tests, to impose on specimens the forces that analyses indicate may reasonably
accompany the maximum deformations. This is particularly important in the
case of shear because of its significant influence on behavior.
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As far as the shear force used in tests is concerned, two aspects have to
be considered. First is the magnitude of the maximum shear force. The second
is its variation with time, and particularly in relation to the accompanying
moment and deformation. Most of the quasi-static tests that have been con
ducted to date have been concerned mainly with the magnitude of the expected
shear forces. The loading imposed on test specimens [11-33] has been charac
terized by the moment, shear and the deformation in the critical region being
all in phase.

The response studies of isolated structural walls undertaken at peA[5?],
however indicate that the shear in the critical region at the base is more
sensitive to higher mode response and thus fluctuates more rapidly with time
than either the moment or the rotation. This is illustrated in Fig. 24(a) and
(b) which show time-history plots of the shear, rotation and moment in the
first story of an isolated wall subjected to two different input motions.

The behavior of the shears shown in Fig. 24 may be partly due to the fact
that the hinging region in the model used allowed yielding in flexure only,
while remaining linearly inelastic with respect to shear throughout the
response. Experimental studies [12,14] have shown that this is generally not
the case. Whatever the effect of this modelling assumption may be*, it is
important in correlating experimental data on capacity with analytical data on
demand to allow for possible differences in the manner in which shear is in
duced under dynamic response conditions and in the typical quasi-static test.
It is believed that a shear force that fluctuates rapidly and reaches its peak
value only for very short durations relative to the associated moment and
rotation does not represent as severe a loading condition as one in which the
shear, moment and deformation are all in phase.

SUMMARY

The introduction of reinforced concrete structural walls or coupled walls
into frames to form frame-wall structures combines the gravity-load-carrying
efficiency of the rigid (open) frame with the lateral-load-resisting
efficiency of the structural wall. In planning such structures, a conscious
effort can be made to take full advantage of the redundancy in such systems by
allowing most of the inelastic action under strong ground motion to take place
in elements that are not too critical to the overall stability of the system.
By providing sufficient stiffness, strength and deformation capacity in a
hierarchy of elements such that a logical sequence of inelastic action occurs
under progressively increasing deformations, a reliable energy-dissipative
mechanism can be provided while at the same time ensuring the overall integ
rity of the structure. In this respect, the coupled wall-frame system offers
the most effective configuration. The performance of frame-wall structures
during recent earthquakes has shown that such a system, when properly con
ceived and designed, provides an efficient solution to the twin requirements
of life safety (i.e., no collapse) and damage control in earthquake-resistant
buildings.

*a model Which will allow yield in shear, based on uncoupled behavior relative
to moment, has been developed to study this and related qu~stions concerning
shear yielding.
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The question of sufficiency of design, however, depends primarily on the
availability of reliable estimates of demand as well as capacity. At present,
there is a lack of information concerning both the force and deformation
demands in critical regions of frame-wall structures and the capacity of typ
ical elements (particularly walls) subjected to reversed cycles of loading. A
systematic compilation of data on both demand and capacity in frame-wall
systems will be required before a practical and reliable design procedure can
be developed. Such information should cover a reasonably wide range of values
of the major design variables.

A design procedure for earthquake-resistant isolated structural walls has
been discussed briefly. It is suggested that a similar approach can be
adopted, with appropriate modifications, for the case of frame-wall systems.

Acknowledgment. Work on this report has been supported in part by the
National Science Foundation through a Grant (No. GI-43880) for the
investigation of "Structural Walls in Earthquake-Resistant Structures."
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INTRODUCTION

The use o~ rein~orced concrete ~rame-wall structural systems ~or seismic
load resistance in building construction has grown in acceptance by structural
engineers in recent years. Cast-in-place wall systems have several potential
advantages over ~rame systems: good lateral drift control; high overload
capacity; stability in the inelastic load range; and reasonable cost. Current
design procedures ~or shear walls are based on elastic behavior concepts, even
though the need ~or good wall per~ormance in the inelastic range has generally
been acknOWledged ~or many years. Engineers must use intuition, knOWledge
gained through observatons o~ earthquake damage, and data from laboratory load
testing to design walls ~or the ultimate behavior range. The vast number o~

variables which determine shear wall per~ormance under seismic loads remains
to be systematically studied to provide the engineer with a rational basis
~or design o~ walls with predictable behavior in the non-linear, inelastic
range.

FRAME-WALL STRUCTURES

Frame-wall structures can be de~ined as lateral load resisting wall and
~rame systems which resist lateral loads principally by shear resistance of the
walls. The signi~icant characteristic o~ ~rame-wall systems is the existence
of dual resistance: a vertical and lateral load carrying building ~rame, and
coupled shear walls. Wall-frame systems may act primarily as: (1) independent
shear walls; or (2) as infill walls within moment frames ; or (3) as walls cou
pled to moment ~rames. Figure 1 illustrates the basic forms of frame-walls.
The strength of shear wall systems is governed by shear capacity of the wall
section, especially in low, long walls; or by ~lexural capacity in tall, slen
der walls, which is governed by the rein~orcing steel and con~inement o~ the
vertical boundary members. Figure 2 illustrates this general behavior.

From the structural engineer's standpoint, the goal of seismic resistant
design is to develop a building system which will perform well during earth
quakes (i.e., without collapse, without major damage, and be repairable for a
functional life after an earthquake). To accomplish this goal, the engineer
desires a system with the following characteristics:

1. High energy absorption.
2. Controlled inelastic, post-yield behavior.
3. Good level o~ ductility.
4. Framework stability.
5. Control damage.
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Frame-wall buildings can potentially satisfy these criteria, provided they
are well tied together so that the entire structure (diaphragms, frames,
walls, and foundations) can respond as a single system.

The frame-wall system can be designed using jUdgement to provide: (1)
high shear strength; (2) yielding in the flexural mode before shear yield
ing; (3) stability during inelastic behavior; and (4) continuity of super
structure and sub-structure. Shear wall performance in the elastic range
is directly effected by concrete strength, reinforicng steel quantity and
strength and by the general wall proportions. Behavior of walls in the
inelastic, non-linear range is particularly sensitive to the following ad
ditional parameters:

1. Building configuration (i.e., the form of the shear system
within the 3-dimensional building envelope).

2. Shear wall size and proportions, boundary frame, and percent
age of reinforcing in wall flanges and web.

3. Discontinunities of strength and stiffness in the wall-frame
system, such as holes, offsets, and abrupt change in profile.

4. Horizontal diaphragm and collector anchorage to the wall.
5. Stiffness 01' the frame relative to the wall.
6. Foundation rigidity and ability to transfer loads to adjacent

vertical load-carrying elements, and/or to allow rocking of
the individual wall.

Figure 3 illustrates several basic shear wall systems with general performance
characteristics

SELECTION OF A WALL-FRAME SYSTEM

The selection of a seismic resista.iJ.t system is usually dependent on the
building size, shape and f0rm which normally results fr0m development of the
architectural and user program. The feasibility of a shear wall system for
a particular building is dependent on the occupancy type and a building con
cept that will allow significant walls to be properly located, from the struc
tural standpoint. A building which requires large open spaces, flexibility
of interior spaces, and substantial perimeter exposure will not generally lend
itself to a shear wall lateral load resisting system. A reasonable shear wall
solution is appropriate for a building with either a program for fixed interior
spaces which can be separated by walls, such as residential, hotel, or hospital
occupancies; or appropriate for occupancies which do not demand significant ex
terior exposures, such as c0mmercial stores, warehouses, auditoriums, and spec
ial buildings without the need for windOWS. Figure 4 indicates several build
ing plans with shear walls advantageously located.

Advantages of a Shear Wall System

The benefits of a shear wall system relative to alternative systems such
as ductile moment frame, or braced frames are commonly understood by structural
engineers to be:

1. Economy of construction.
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2. Use of wall elements for multiple structural and non-structural
functions (i.e., weather enclosure, security, thermal protec
tion, load resistance, and separation of occupancies).

3. Ease and speed of construction.
4. Reliability of construction, because of non-critical elements

in the construction.
5. Excellent lateral-load drift control of the building.
6. Redundancy of lateral load systems, available with wall systems

because wall configurations usually provide excess capacity
with corresponding low stresses.

Additional benefits of frame-wall systems not yet acknowledged by all engineers
are:

1. Good ductility levels, provided wall shear strength and flex
ural capacities in the inelastic range are well developed by
selection of proper proportions and reinforcement.

8. Good seismic energy absorption, provided shear wall flexural
capacity is developed and lOad resistance does not degrade
rapidity.

9. Energy absorption capacity due to rocking of wall systems,
available in some wall configurations.

10. Repairability of post-earthquake damage, provided redundant
elements are provided to share loads.

Difficulties With Shear Wall Systems

Although shear walls have significant benefits when used properly as part
of a structural system, they do possess several disadvantages most of which
are directly related to the rigidity of walls relative to other structural
elements. The engineer is confronted with the following problems:

1. Determining elastic behavior patterns of shear wall systems,
particular when wallS are not uniform and regular.

2. Modeling walls to reflect the inelastic behavior expected dur
ing earthquakes.

3. Mass-stiffness discontinunities created by irregularities of
building configurations, both in plan and elevation, cause prob
lems of balancing shear wall strengths and responses.

4. Shear wall rigidities frequently create excessive restraint for
non-seismic loads (i.e., thermal expansion and contraction, and
concrete shrinkage), with resultant pre-seismic distress.

5. Modeling and analysis of shear wall foundation rocking during
actual earthquake motion.

6. Selection of the appropriate method of analysis and design for
the variety of frame-wall configurations, shapes and sizes is
one of the most significant engineering problems.

1317

Figures 5, 6, and 7 illustrate several of the more basic wall forms which
represent problems and for which design methods must be evolved by the designer,
since conventional methods do not take into account all factors affecting the
wall performance.
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TABLE 1 - USC SEISMIC PROVISIONS FOR SHEAR WALL SYSW1S·- 1949 TO 1976
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CODE YEAR

1949
to

1955

1958

1961
to

1964

SEISMIC LOADS (ZONES 3 OR 4)

F = CW
C = .20

lfTT-T12

Same as 1949

v = ZKCW
C = 0.05
~

K=1.33 (wall)
K =.0.8 (dual)

STRESS/STRENGTH AND REINFORCING REQUIREMENTS

Shear Stress: =bfa-
Allowable Shear: c = 0.05 flc
Minimum Reinforcing: As = O.0025Ac (each direction)

Same as 1949,. except:
Minimum Reinforcing: As = O.0025Ac (horizontal)

A. = 0.0015Ac (vertical)

Same as 1958

(horizontal)
(vertical)

1967
to

1970

Same as 1961 Shear Stress: =~
~hd

~ = 0.85
U = 2[l.4(D+L+E)]
U = 2[O.9+1.25E]

Minimun Rei nforcing:
A = Vu's

~fyd(~ -1)

A :::: Vu's
~fyd

As = O.0025Ac
As = D.0015Ac

Maximum Shear Strength:
Shear Resisted by Concrete:

C=(3.7-g> 2~.[f'C
For H/D< 1, max. 'ofc = 5.4~ ~
For HID> 2.7, min. 'ofc = 2~ \ff'C

Shear Resisted by Concrete & Reinforcing:

u = (0.8+4.6 ~)~..[foC

For H/D< 1, min. vc = 5.4 m
For H/D>2, max. Y"c = 10 ff'C

1973

1976

same as 1967

v = ZlKD5H
Same as 1961, except:

C = toh-
5=1.0to1.5
1<1.0to1.5

Shear Stress: = ~} d = 0.8 Lw
Ultimate Strength Factors: Maximum Shear Strength:

D ;:: 0.85 lesser of
U =1.4(D+L}+2.8E V"c = 3.3.Jf'C + 4~\
U = 0.9D+2.8E w ~V)

Minimum Reinforcing: V"C = O.6$'C + lw(l. 25W"C .... o. yh
As '" O.0025Ac (each direction) ~ - ~

Maximum on any Section: v '" lO,fi'C
Ph = 0.0025+0.5 (2.5-!:; )(Ph-0.D025)

Ductile boundary members for shear walls with K=O.8

Same as 1973. except:
Ultim<lte Strength Factors:

U = 1.4 (D+L)+2.0E
U = D.9D+2.0E

*Refer to Respective Editions of UBC for Notations.
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DESIGN CRITERIA

The practicing structural engineer has at his disposal three sources
for design assistance. The first source is building codes and recommendations
such as The Uniform Building Code [1]. ACI-31B. [2] and the Recommended Lateral
Force Requirements of SEAOC [3]. The second source is published data from
full-size or scaled tests of shear wall assemblies. The third source is ac
tual observation or published observation of behavior of structures subjected
to real earthquakes. Building codes generally provide design criteria aas:urn
ing elastic performance. while cyclic and Shaking-table tests and earthquake
observations can provide the basis for an understanding of the actual behav
ior during an earthquake.

Buidling Codes

Our codes provide a minimum value for design within the elastic level of
performance; code values form the basis for most design efforts by engineers.
These minimum values do not necessarily assure adequate performance under real
seismic loads; however, recent provisions for confined boundary members (UBC
1967 to 1976) acknowledge the need for ductility and good post-cracking per
formance. Table 1 summarizes the provisions of the UBC from 1949 to 1976.
which apply to concrete shear walls. Several items are worthy of special em
phasis:

1. The allowable unit shears have almost doubled from 1949 (with
0.05 fIe allowable) to 1976 with 10 f'c (ultimate strength.
and U factor of 2).

2. The minimum reinforcement for walls has remained basically un
changed.

3. A recent attempt has been made to acknowledge that wall behav
ior is dependent on wall proportions (HID radios). flexural ef
fects, and axial loads.

4. Recent revisions to code formulas have served to clarify a
range of elastic behavior. but have not addressed the area of
non-line ax. inelastic behavior, consequently, with the excep
tion of confinement requirements. no formal provisions exist
for real seismic performance.

5. The basic code provisions cover uniform. regular walls without
a caution to the designer as to the limitations of the code for
special wall configurations.

Load-Tests

A variety of load tests on representative shear wall assemblies have been
undertaken over the past 25 years. The first significant tests were monotonic
tests of shear wall panels. both with and without openings carried out at Stan
ford University in the 1950's [4J [5J. The most recent tests have been at the
University of California. Berkeley [6]. the PCA Laboratories in Illinois [7]
[BJ [9J and in New Zealand [10] [llJ and Yugoslavia [12J. all using cyclic loads.
Tests of significance to the designer have also been conducted in Japan [13] [14]
[15]. in Canada [16], the University of Illinois [17] and in Portugal [lB]. Sin
gle wall tests are summarized in Table 2A. coupled walls in Table 2B. and multi
story wall tests in Table 2C.
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FIGURE 2A - SUMMARY OF SEVERAL LOAD TESTS OF SINGLE PANEL SHEAR WALL

WALL TYPE REFERENCE CONFIGURATION LOADING TYPE

SINGLE

Q
MONOTONIC

PANELS [4]

SOLID (STANFORD)

SINGLE m MONOTONIC
PANELS [5]

WITH
OPENINGS (STANFORD)

SINGLE '-OJ MONOTONIC
PANELS [14]

SOLID U}[])'AND WITH
OPENINGS (JAPAN)

'"
SINGLE

lrn:fPANELS [15] CYCLIC

WITH
OPENINGS (4APAN) J' "'-

SINGLE

t+=±CANTILEVER
WALL [9]

MONOTONIC
SOLID (PCA)

SINGLE

~ III III1 l~
PANEL [13]

CYCLIC
SLITTED (JAPAN)
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FIGURE 2B - SUMMARY OF SEVERAL LOAD TESTS OF COUPLED SHEAR WALLS

WALL TYPE REFERENCE CONFIGURATION LOADING TYPE

COUPLED
WALLS [16] :m MONOTONIC

SLAB
LINK (CANADA)

COUPLED

LA~
WALLS [12J CYCLIC

BEAM
LINK (YUGOSLAVIA)

COUPLED

~
WALLS [8J REVERSING

BEAM
LINK (PCA)

t
r--o+

COUPLED a 1+WALLS [10J a CYCLIC
a ..-BEAM 0

LINK (NEW 0
ZEALAND) r Cl "1

-tor----eJ
LINKED -too CJ
WALL-FRAME [11] 0 CYCLIC- 0

0
(NEW BZEALAND) r l
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FIGURE 2C - SUMMARY OF SEVERAL LOAD TESTS OF MULTI-STORY SHEAR WALLS

WALL TYPE REFERENCE CONFIGURATION LOADING TYPE

MONOLITHIC

~3-STORY SHAKING
WALL [17] 1 Scale ~ TABLE

b.25 ~

~~
(ILLINOIS) ..-..

MONOLITHIC ....
3-STORY

~
CYCLIC

WALL [7] 1 Scale3"

~
J I

(PCA)

3-STORY
FRAME

~ SHAKINGWITH
INFILL WALL [18] 1 Scale

~
TABLE

"4

~
(PORTUGAL) \ I

~

~ t
MONOLITHIC 4-P'

~3-STORY CYCLIC
FRAME-WALL [6] 1 ~

I?J1'3 Scale
+of>

~
(UBC) I I
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The significance of tests for the design engineer confronted with aseis
mic design is the availability of real inelastic range performance data.
Parametric test studies enable the engineer to develop an understanding of
response to overload conditions and to develop his intuition for the real be
havior problems which generally are not codified. Tests results from shaking
tables and cyclic load applications are the most significant.

Because of the testing expense of recreating real conditions experienced
during earthquakes, shear walls have generally been tested with "fixed" base
conditions, a modeling condition which is not found in real buildings, except
perhaps 1'01' large monolithic multi-story wall systems. Moreover, most tests
again, fDr reasons of economy, are performed on test models which do not repre
sent the restraint of floor framing, large vertical loads, or of coupled beams.
Tests are also generaRlY performed on a single shear wall element abstracted
from the complete 3-dimensional structural system, which distorts the results
especially for core-wall or tube-wall configurations. Nevertheless, test data
is extremely important for insight into behavior, and is the only reasonable
source the design engineer has for understanding of complex building forms.

Earthquake Damage Observation

The performance of structures during real earthquake motion is the ultimate
test and the most significant laboratory for study of the numerous concepts pro
posed by the structural engineering profession. The single most important prob
lem with observations of damage is the variable nature of real structures and
the lack of a datum or reference by Which to compare data collected from several
earthquakes for a single structural type, or data collected from several build
ings in a single earthquake. Nevertheless, accurate reporting of earthqUake
performance during the last 30 years has enabled substantial progress to be
made in the evaluation of structures.

Significant shear wall damage was recorded in the following earthquakes
(as well as others not listed: Kern County, Calif. (1952); Mexico DF (1957);
San Francisco, Calif. (1957); Agidir, Morroco (1960); Skopje, Yogoslavia
(1963); Alaska (1964); Venezuela (1967); Tokachi-Oki, Japan (1968); Peru
(1970); San Fernando, Calif. (1971); Nicaragua (1972); and Italy (1976).

Failure has generally been observed in the following elements of reinforced
concrete shear walls:

1. Compression failure of wall vertical boundary members.
2. Shear failure of walls.
3. Shear failure or sliding of wall horizontal construction joints.
4. Shear failure of spandrel and pier elements in shear walls with

openings.
5. Shear failure of link-beams in coupled shear walls.

With few exceptions no collapse has been observed in shear wall buildings, pro
vided the continuity of the shear wall system was not interrupted, or discon
tinuities created. Most shear wall systems have also been capable of post
earthquake repair.

Only study of past earthquake behavior of frame-shear wall systems can
enlighten the design engineer as to the failure mechanisms of the next frame-



wall system he has 2elected; and only diligent study can inform the engineer
as to how and wher~ to provide a satisfactory amount of reinforcing steel,
and how to proporti~n the structure. The Building Code can not, and should
not, cover the infu:~ation that can be gained from informed observation.

METHODS OF ANALYSIS AND DESIGN

Conventional methods of analysis of structural shear wall systems en
vision elastic behaYior and this is the predominant assumption made when ana
lyzing and designing structures to resist earthquakes, even though it is
known that the structure must perform in the inelastic range to satis1'y ener
gy demands imposed by seismic motions. Consequently, any discussion of analy
sis and design methods begins with a contradiction between practice and
reality.

The methods of analysis and design become interdependent in the actual
process of developing a structure because the assumptions of the analysis
method must be compatible with the design and in turn with the actual struc
tural performance. Any procedure utilizing static loads (or equiValent static
loads), allowable stresses or strengths, and elastic behavior is compatible.
Numerous methods have been developed to analyze frame-wall systems from the
simpliest portal method and manual calcualtion of wall element rigidities to
the more complex finite-element concepts [19], all of which are reasonable
for elastic level loads. The use of loads generated by a dynamic analysis,
using response spectrum techniques and modal superposition is a significant
breakthrough in the description of realistic seismic loads, but the loads
generated are only valid with compatible inelastic behavior modeling of the
structure.

Practical analysis methods for non-linear behavior of buildings do not
yet exist for the engineering design office, nor do predictable models for
shear wall yield mechanisms; and only limited data and methods are available
for designing and detailing for the post yield range. The resulting design
process which uses sophisticated inelastic range loads and precise elastic
analysis methods produces an obvious conflict which can only be overcome by
a resort to load test data for appropriate factoring of the input. but this
is an approximate and temporary solution at best, for the engineer.

The conventional design and analysis procedure for a shear wall system
can be summarized as follows:
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l.
2.
3.

4.

Develop structural system. concept.
Develop tentative shear wall locations and sizes.
Analyze overall system for lateral load distributions, based
on rigidity of resisting elements, based on elastic behavior.
Check components for shear stresses, combined stresses, dia
phragc and collector stresses, wall-flange requirements and
stresses, stresses at openings, stability due to overturning
effects, lateral drift, rotation, and deflection compatibility,
and c~acity of the foundation system to develop loads as
signed to the shear walls.
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5. Detail the frame-wall components to be consistant with the
assumutions made in the conceptional analysis and design
phase~; and in conformance with the Building Code require
ments.

Additional special procedures are available for refined analysis or for
special or unusual features:

1. Consider the 3-dimensional aspects of the structural system
in both elastic and inelastic ranges, so to develop the ulti
mate load carrying potential for all structural elements.

2. Analyze the system for load distribution based on dynamic
modal effects.

3. Check components for non-linear behavior using finite-element
methods, and prediction of yield mechanisms.

4. Detail components for non-linear behavior (i.e., ductility,
degrading stiffness and strengths.

Even these special procedures do not yet provide the engineer with the capa
bility of predicting seismic behavior of frame-walls with the reliability of
predicting elastic behavior. The problem of how to develop a model to repre
sent the non-linear behavior of a variety of shear wall-frame systems remains.

Figure 8 shows several of the variables (shapes, size openings, coupl
ing, chord size, and base condition) which should specifically be considered
in design provisions.

CONSTRUCTION DETAILS

Conventional details for concrete frame-wall systems are generally de
vised to satisfy elastic-level loads (normally prescribed by building codes)
and with no significant ductility, or increased capacity for behavior in the
inelastic range. The actual performance level of conventionally detailed
frame-wall systems is unpredictable and dependent on many variables.

Shear wall systems with special details to provide ductility have been
devised in rec,ent years to provide, satisfactory behavior in the non-linear
load range (substantially above current building code loads). Ductility is
provided in boundary or flange elements, with corresponding capacity for sig
nificant energy absorption. To date only boundary members are detailed to
provide confined concrete for increased load capacity. The actual performance
level of specially detailed frame-wall systems is as unpredictable for the de
sign engineer, as it is with conventionally detailed walls, and is also depen
dent upon many variables.

Individual Walls

Figures 9, 10 show a comparison of typical construction details for both
single-story and multiple-story shear wall systems, respectively. All confined
boundary and edge members are extended for the full height or length of the
panel to avoid abrupt transitions. Laps of flange or boundary longitudinal re
forcing steel is critical and staggered, long laps should also be considered.
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SHAPE/SIZE FACTOR
(Aspect Ratios)

OPENINGS - SIZE AND SHAPE
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COUPLED WALLS

SIZE

SHAPE

LJ1J

o
o

FIGURE 8 - SEVERAL FACTORS TO CONSIDER WHEN SELECTING A
DESIGN METHOD
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ension
einforcing

Collector
/ I

~ ~l.,
10---- T

R

r - ~ 1

CONVENTIONAL
Confined
Collector

Confined
Fl anges

Long
Bar Laps

SPECIAL

FIGURE 9 - COMPARISON OF CONVENTIONAL AND SPECIAL REINFORCING
FOR I-STORY SHEAR WALL
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CONVENTIONAL SPECIAL

FIGURE 10 - COMPARISON OF CONVENTIONAL AND SPECIAL REINFORCING
FOR MULTI-STORY SHEAR WALL
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Figurell provides a comparison of conventional and special details at the
junction of the horizontal diaphragm to wall. Figure 12 D.lustrates several
plan views of vertical wall boundary elements (ends, corners and tee-intersec
tions). In all transition details which are attempted within the confines of
the wall or slab profile, that is without an enlarged boundary member, signif
icant reinforcing conjestion results when confining transverse ties are intro
duced. Generally both steel and concrete placement difficulties are experi
enced when wall boundary members are not increased in size to accommodate the
increased reinforcing steel required by special or ductile detailing. Anchor
age of horizontal wall bars within the confined vertical boundary members is
essential; however, placement of bars with hooks at ends is difficult within
the confinement ties.

Coupled Walls

The system of coupling two rigid walls together with relatively weak or
flexib:Le link-beams presents significant problems to the designer. The incom
patibility of wall and link-beam rigidities and rotations under lateral loads
cannot easily be overcome with special reinforcing details. The link will gen
erany crack severely under earthquake motions. The only practical solution is
creation of a structural element Which will yield and yet not be completely de
stroyed during seismic loading, so that repair or rebuilding is feasible. Fig
ure 13 shows several walls and details at the typical link beam. Extension of

beam steel and confinement well into the wall is an attempt at maintainlng con
tinuity. When total coupled wall system deformations are considered, the de
signer cannot accurately predict the ultimate load. behavior of the line beams,
or of the walls. There are numerous variables affecting the behavior of cou
pled walls , especially the proportions of the link beams to the walls them
selves, and the quantity and placement of reinforcing steel, especially the
effect of l~ering of wall and beam steel.

Foundations

The development of the ultimate load capacity of shear wall system or
wall-frame system is frequently dependent on an adequate foundation to re
strain the bases of frame columns and shear walls. Both conventional and
special details for typical walls are shown in Figure 14. The large trans
fer element, at either the base of the wall or at its top, or at both lo
cations, is a useful system for reducing shear wall rotations and trans
ferring the resulting shears and moments to other resisting elements.

FUTURE DIRECTIONS

Shear wall-frame systems can be used with confidence when the design en
gineer possesses complete understanding and data on the performance of the sys
tem. Moreover, with an increased understanding of the systems currently in
use, we can expand our thinking to develop other, perhaps more favorable wall
frame configurations •

. The ability to accurately predict behavior in the inelastic range is es
sential to creative structural engineering. Tests are needed for many types
of systems; these tests must have cyclic loading or shaking table loading.
After understanding behavior then methods for design can be developed. The
future of frame-Walls is potentially a most interesting and challenging one.
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Recommended Studies

Some of the many areas requiring systematic investigation are listed below;
they have been separated into three basic categories: configuration studies;
system behavior studies; and basic development of data, or parametric studies.

Configuration Studies:

1. 3-dimensional box or tube frame-wall systems.
2. 2-dimensional, planar frame-wall systems.
3. Establish limits of irregular systems.
4. Development of non-abrupt strength/stiffness systems. (Non

rectangular, tapered sections.)
5. Development of post-earthquake repairable assemblies.

Behavior Studies:

1. Tabulation of basic wall configurations, with corresponding defi
nition of elastic and inelastic behavior patterns.

2. Tabulation of ultimate stresses, ductilities, damping, and energy
absorption for basic frame-wall systems.

3. Foundation restraint requirements for basic wall systems.
(Flexible, semi-fixed or fixed.)

4. Development of progressive resistance systems. (Structural tuning.)

parametric Studies (for Frame-Wall Performance):

1. Size of wall panel (absolute size).
2. Shape of wall panel (height to length ratio).
3, Size of wall panel openings (relative proportions).
4. Location of wall panel openings.
5. Effect of axial load.
6. Size, shape and proportion of wall flanges.
7. Flange reinforcement (quantity configurations, laps).
8. Wall reinforcement (patterns and quantities).
9. Coupled wall link beams (rotation capacities, sizes, assemblies,

limitations) .
10. Coupled wall or frame-wall transfer beams (at top and/or foundation).
11. Frame-wall anchorage to f()undations.
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1. INTRODUCTION

The usefulness of structural walls in the planning of multistorey
buildings has long been recognized. When walls are situated in advantage
ous positions in a building, they can become very efficient in lateral load
resistance, while also fUlfilling other functional requirements.

Because a large portion of the lateral load on a building, if not the
whole amount, and the horizontal shear force resulting from it, are often
assigned to such structural elements, they have been called shear walls.
The name is unfortunate because shear should not be the critical parameter
of behaviour.

The basic criteria that the designer will aim to satisfy when using
structural walls in earthquake resistant structures are as follows:

(a) To provide adequate stiffness so that during moderate seismic
disturbances complete protection against damage, particularly in non
structural components, is assured.

(b) To provide adequate strength to ensure that the seismic excitation
envisaged by building codes [1,2] does not result in permanent structural
damage. Even though during such an event some non-structural damage is
expected, it is unlikely that in buildings with well designed shear walls
this will be serious.

(c) To provide adequate structural ductility and capability to dis
sipate energy for the case when the largest disturbance to be expected in
the region does occur. Extensive damage, perhaps beyond the possibility of
repair, is accepted under these extreme conditions, but collapse must be
prevented.

The subsequent sections concentrate on those aspects of the design
and response of structural walls that are relevant to this third design
criterion. Consequently the inelastic response of structural walls , when
subjected to simulated cyclic reversed loading, together with various para
meters that must affect this response, will be examined in some detail for
various types of structures. It will be assumed that in all cases adequate
foundations can be provided so that uplift or rocking will not occur and
that energy dissipation, when required, will take place in the structural
wall above foundation level. Also it will be assumed that inertia forces
at each floor can be introduced to the structural wall by adequate connect
ions, such as collector beams, from the floor system.
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2. CANTILEVER WALLS

Most cantilever structural walls in multistorey buildings are slender
enough to be treated as ordinary beams. There is no reason to suspect that
in their behaviour such walls would disobey the familiar principles of re
inforced concrete theory. Therefore the analogy to beams or beam-columns
is appropriate. The performance of squat shear walls may be dominated by
shear and hence they require special treatment.

It is a prerequisite for any
ductile structure that its
strength shall not be limited by
insufficient anchorage of the re
inforcement or by the instability
of any of its components, in
cluding reinforcing bars sub
jected to extensive compressive
yield strain.

~)

Fig. la, shows a prototype
cantilever wall in a multistorey
building, subjected to gravity

and lateral loading, and the corresponding critical actions at the base. In
the following, the possible failure modes of this structure, together with
critical aspects of its behaviour are examined briefly.

Fig 1. Failure modes in laterally loaded
reinforced concrete cantilever
shear walls

2.1 - Flexure

Because of load reversals wall sections necessarily contain substantial
compression reinforcement. Gravity loads commonly produce only small axial
stresses. Consequently the available curvature ductility at the critical
section, shown in Fig. lb, is usually ample.

It has been customary to distribute the vertical reinforcement uniform
ly over the length of lightly loaded structural walls. It is obvious that
this is not an efficient arrangement when large overturning moments require
considerably more than minimum (p ~ 0.25%) reinforcement content. In such
cases this arrangement of wall reinforcement, as shown in Fig. 2, will also
result in reduced curvature ductility in the potential plastic hinge zone [3].
When more than minimum reinforcement is required, it will be more advantageous
to concentrate the reinforcement, that is in excess of the minimum, at the
extremities of the wall section, as shown in Fig. 2. It may be necessary to
increase the thickness of the wall to accommodate such reinforcement.

The most efficient way to increase both the stiffness and the yield
capacity of a cantilever structural wall is by providing flanges. Parametric
studies of symmetrical flanged I and H sections [4] indicated that:

(a) The additions of flanges will increase the curvature ductility of
the section.

(b) The increase of flange thickness, while g~v~ng additional stiffness
and increased yield resistance does not favourably affect the ductility of
the section.

(c) For obvious reason, the most inefficient way to boost stiffness
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and strength is by increasing the thickness of the web.

If and when required, the con
crete in the vicinity of maximum
concrete strains may be confined
and thus the ductility of a sect
ion may be further increased. Be
cause the flexural failure mode in
a cantilever wall, illustrated in
Fig. Ib, is usually associated
with adequate ductility, every
attempt must be made by the de
signer to force upon the struct
ure this energy dissipating fail
ure mechanism.

Cross
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Because of the repeated and
reversed nature of the loading the
flexural (vertical) reinforcement
at the extreme fibres of wall sect
ion may be subjected to large ten
sile yielding. This implies that
after load reversal considerable
compression yielding must occur
before a previously formed large
crack can close and the concrete
can again contribute to carrying

compression. It is essential therefore that compression bars that could
possibly yield be restrained against buckling. Near the extreme fibres of
the section, where concrete strains may well be in excess of 0.003, it is
advisable to disregard the contribution of the cover concrete, and to rely
entirely on transverse ties to give lateral support to the compression bars.
The spacing of such ties over the potential plastic hinge length should not
exceed 6db, where db is the diameter of the principal bar to be laterally
supported [5]. It seems reasonable to assume that under extreme load con
ditions where the computed strain is less than 0.0015 the concrete cover will
not spall and yield strain in the vertical bars will not be exceeded. Conse
quently in such areas special transverse reinforcement to stabilise vertical
bars should not be required. Draft recommendations for corresponding pro
visions are made subsequently.

Fig 2. Effect of amount and distribution
of vertical wall reinforcement on
ultimate curvature [3].

1200

2.2 - Instability of Structural Wall Sections

The instability of a cantilever wall, as a structural member, sel-
dom need be considered in practice because the floors, which introduce the
lateral load to the wall, will normally provide ample lateral support. How
ever, because in buildings relatively thin walled sections are common, some
precaution must be taken to ensure that in the potential plastic hinge region
the repeated and reversed full load can be sustained within the horizontal
diaphragms (floors) that provide lateral support.

A theoretical or experimental study of "compactness" of structural wall
sections has not been reported. However, using existing code [6] require
ments for slender columns some crude but conservative guides can be establish-
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ed to limit slenderness in shear walls. It may be conservatively stipulated
that any part of a thin wall element, which may be subjected to large compres
sion and which does not receive lateral support between floors, should be
considered as an isolated column. Hence it is suggested that the thickness,
b, of any part of a structual wall, two storeys or higher, in which the com
bination of flexure and axial load can produce a compression strain of 0.0015
or more, should not be less than In/10, where ln is the clear vertical dis
tance between floors or other effective horizontal lines of lateral support.

Similar limitations can be formulated for outstanding flanges of struct
ural walls with various sectional shapes. Detailed suggestions are made in
the draft recommendations.

2.3 - Shear Strength

It is now more generally recognized that the shear strength of tall
walls can be assessed the same way as that of beams. The behaviour of short
shear walls requires special considerations. Shear failures are generally
associated with limited ductility. When shear dominates the response of a
shear wall the undesirable features of degrading stiffness and strength be
come distinct consequences of simulated seismic cyclic loading. Therefore
every attempt must be made to suppress a shear failure.

In a cantilever wall a distinction must be made between the potential
plastic hinge area and the remainder of the structure which, even though ex
tensively cracked, is likely to remain in the elastic domain of response.
Diagonal cracks are usually extensions of flexural cracks, as illustrated in
Fig. lb. Therefore the yielding of the flexural (vertical) reinforcement
affects also the widening of the diagonal cracks. It is advisable therefore
that over the length of the potential plastic hinge the contribution of all
mechanisms to the shear strength, except that of the web reinforcement, be
neglected. This implies that in order to ensure a ductile flexural response
the plastic hinge region must have sufficient (horizontal) stirrup reinforce
ment to carry below its yield strength level the entire shear force, shown as
H in Fig. lc, associated with the maximum possible flexural strength of the
shear wall. In the remainder of the wall the shear strength may be assumed
to be the sum of the contributions of the concrete, VC ' and that of the web
reinforcement, Vs '

It is to be noted that for cantilever shear walls the code specified
equivalent lateral static load does not necessarily give satisfactory pro
tection against a shear failure when,during a severe excitation/the maximum
flexural strength at the base is being developed. During certain combinat
ions of the different modes of vibrations the centre of the lateral inertia
forces, located with hv in Fig. la, may be lower than that indicated by
customary code prescribed load patterns, such as an inverted triangular load.
Consequently considerably larger shear forces may be generated when the mo
ment capacity at the base is attained. [7] It has been shown in case studies
that for a number of standard ground motion inputs the ratio of shear forces
induced during the combined higher mode responses to the shear force derived
from statics and the base moment capacity increases with the fundamental
period of the cantilever structure. [8] To guard against a shear failure
under such circumstances the design shear envelope for the cantilever wall
could be the shear force diagram, corresponding with a code specified static



1343

load, magnified by a factor, which will depend on the class of the building
and the fundamental period of the structure. This, together with other as
pects of dynamic response, is discussed further in section 2.7.

2.4 Sliding Shear Phenomena

There are two potential locations in cantilever walls where a failure
by sliding could occur. One is a horizontal construction joint which is sen
sitive to the quality and nature of surface preparation. The other is the
plastic hinge zone, usually immediately above foundation level, where, be
cause of the yielding of the flexural reinforcement in both faces and conse
quent residual strains, continuous cracks across the full depth of the shear
wall section will occur.

2.4.1 -- Sliding at construction joints. The sliding along construct
ion joints, illustrated in Fig. 1 d, often observed in shear walls damaged by
earthquakes, [9] can be suppressed if, in accordance with the concepts of
shear friction, adequate distributed vertical reinforcement is provided over
the length of the wall to supply,together with the available gravity load,
the necessary clamping force, Nf. [10] The inelastic response of the mechan
isms associated with sliding shear indicates drastic loss of stiffness and
strength with reversed cyclic loading. [Ill Therefore sliding shear must be
considered as being an unsuitable energy dissipating mechanism in earthquake
resistant structures. It is relatively easy to provide the necessary clamping
force across construction joints below yield strength level of the vertical
wall reinforcement. The increased shear forces due to higher mode responses,
as outlined in the previous section should, however, be considered. Provisions
are made in the draft recommendations for the determination of the required
longitudinal reinforcement.

Shear transfer by dowel action of the

of sliding
in a wall

The mechanism
shear failure
specimen. [7]

2.4.2 -- Sliding across plastic hinge zones. The possibility of slid
ing shear is much more serious in the plastic hinge zone where, as a result
of reversed cyclic load and the ensuing residual plastic strains in the flex
ural reinforcement of the wall, large continuous cracks may form, as shown in
Fig. 1 e. The interlock between two serrated faces of such a full depth crack
is greatly diminished. Moreover concrete blocks, bound by wide intersecting

diagonal and flexural cracks, are subject
ed to eccentric diagonal compression for
ces and consequently will be gradually
broken up into smaller blocks. If the
axial compression across the section due
to gravity loads is small, a sliding shear
failure may occur across the precracked
compression zone (see Fig. 1 e) at nominal
shear stresses that are below values per
mitted by codes [6]. If the foundation is
massive, it will provide some lateral re
straint at the section of maximum moment
and the section of failure will move away
from the force of base fixity [7,12], as
shown in Fig. 3, usually to a line where
a set of horizontal stirrups are located.

Fig 3.
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vertical reinforcement is mobilized only after a substantial slip, shown by
~s in Fig. 1 e, has occurred. A particularly severe situation can arise in
wide flanged shear walls when the neutral axis of the section, at the develop~

ment of the full flexural capacity, is in or near the flange. Under such cir
cumstances the previously cracked compression area, over which the major part

of the shear
force must be
transmitted, is
very small and
consequently the
interface shear
stress can be
come excessive.
Sliding shear
displacements
are largely re
sponsible for
the loss in en
ergy dissipat
ion in struct
ural walls, as
evidenced by
the pinching in
histeresis loops.
This was demon
strated also by

some recent tests (Fig. 4) of the Portland Cement Association. [12] When the
nominal shear stress at the attainment of the flexural capacity approaches the
maximum value specified by the ACI Code [6], i.e. Vu max ~ 0.83 If6 MPa
(10 Ifb psi), shear deflections may equal or exceed fhe simultaneously impos
ed flexural deflections, measured at the tip of a cantilever. [7] With large
nominal shear stresses, shear distortions will certainly dominate in the
plastic hinge zone. [7] From the study of a large number of experiments the
effect of shear on the pinching of histeresis loops, and its representation
by a concave Ramberg-Osgood relationship, was examined by Celebi. [13]

To control shear distortions in potential plastic hinge zones when the
nominal shear stress is significant. diagonal reinforcement may need to be
provided so that the shear force is transmitted,from one side of a wide
horizontal crack to the other side, by the horizontal components of diagonal
tension and compression steel forces. Some relevant suggestions are made in
the draft recommendations.

2.5 - Squat Structural Walls

In many low-rise buildings, the height of cantilever walls is less
than their length (i.e., their structural depth). Clearly, in such situations
the assessment of the flexural and shear strength and appropriate reinforcement
cannot be based on the conventional techniques applicable to taller walls.
Rather, the principles established in connection with the behaviour of deep
beams are relevant. It is no longer possible to discuss separately flexure
and shear, since the two are more intimately interrelated in squat walls.

Low-rise structural walls normally carry only very small gravity loads
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and for this reason their beneficial effect, derived at least for shear
strength, is best ignored. The flexural steel demand will also be small in
most cases because of the relatively large available internal lever arm. It
will be more practical, therefore, to distribute the vertical (i.e., flexural)
reinforcement uniformly over the full length of the wall, allowing only a
nominal increase at the vertical edges.

For seismic loading the corresponding loss of ductility is not likely
to be of great importance for two reasons. First, the low steel requirement
is often satisfied by near-minimum steel content (i.e., 0.25%), which provides
sufficient energy absorption in the postelastic range (see Fig. 2). Second,
properly detailed squat shear walls can be made to absorb all or most of the
seismic shock in the elastic range without demand for great reinforcement con
tents.

I...---,<w-------j~

------
1 T2

r
The shear resistance in low-rise structural wallS.Fig 5.

For want of other and better information, it has been the practice to
attempt to predict the likely behaviour of low-rise shear walls from tests
carried out on deep beams. Geometric similarities suggest such a procedure.
Most tests on deep beams have a common feature - the load is directly applied
to the top and bottom faces of the simply supported specimens in the span and
at the supports, respectively. It must be pointed out that this form of load
application considerably enhances the effectiveness of arch action. Stirrups
crossing the main diagonal crack, forming between load point and support, are
not engaged in efficient shear resistance because no compression struts can
form between stirrup anchorages. The arch disposes of the shear along the
shortest possible route, and this is associated with smaller deformations.

It is not sur
prising, there
fore, to find
from experiments
that additional
stirrups did not
improve shear
strength.

The crack pat
tern, likely to
occur in a low

rise shear wall, is sketched in Fig. 5. From considerations of equilibrium
of the triangular free body, marked 1, it is evident that horizontal stirrups
are required to resist the shearing stress applied along the top edge. The
diagonal compression forces set up in the free body also require vertical re
inforcement. In the absence of external vertical compression, the horizontal
and vertical steel must be equal, to enable 45° compression diagonals to be
generated. In the free body bound by two diagonal cracks and marked 2, on
the other hand, only vertical forces, equal to the shear intensity, need be
generated to develop the necessary diagonal compression. This steel is often
referred to as shear reinforcement, even though its principal role is to re
sist the moment that tends to overturn free body 2. Figure 5 thus illustrates
the role of vertical and horizontal bars in resisting shear forces in low-rise
shear walls.

squat structural walls are sometimes used, particularly in Japan, as
elements of slender cantilever walls or as infill panels in rigid jointed
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frames with the intention of providing increased stiffness during small seis
mic excitations and damping when large interstorey displacements are expected
[14]. They are commonly referred to as "framed shear walls". A typical test
panel after loading is shown in Fig. 6. [15].

In Japanese practice "frameless walls"
in flexure [14]. Therefore their use is
note that the recommended thickness of
as hn/30, where hn is the clear height

Framed shear wall studies in
Japan. [15]

Fig 6.

Such walls are expected to remain uncracked till a shear strain of
0.25 x 10-3 rad. is reached. After
diagonal cracking the boundary frame
is expected to restrain the panel a
gainst further expansion. [14] There
after the panel is to carry the ap
lied she~r by means of a diagonal
compression field, all other necess
ary tensile forces being supplied
by the boundary elements. Also the
boundary members are assigned the
total gravity load while the web
panel is to provide the desired
damping. It is envisaged that after
extensive diagonal cracking the panels
could be replaced because the bound
ary elements remain free of damage.

are expected to fail in shear and not
discouraged. It is interesting to
such framed wall panels can be as little
between the horizontal boundary members.

As shear dominates the response of such elements, it is not surprising
that dramatic stiffness and strength loss results as a consequence of repeat
ed cyclic loading, partiCUlarly with increasing amplitude. Such a response is
shown in Fig. 7. [16] The applied load usually consits of compression along one

Fig 7 Shear load - shear displacement relationship for a "framed shear wall"
panel [16].
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of the diagonals. Better energy dissipation can be attained if the mesh re
inforcement in the wall panel is arranged along the 45° diagonals [14].

A suggested application for the use of "framed shear wall" panels is
illustrated in Fig. 8. The intention is
to block/in a particular pattern, the
panels, the dimensions of which are also
shown in Fig. 8. [17]

o

A suggested use of "framed
shear wall" panels. [17]

can be induced in a series of
and thus improved damping can

aOOUD
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Another Japanese proposal relates to
diagonal members in a rectangular bound
ary frame shown in Fig. 9. It is claim
ed [18] that in addition to the stiff
ness, which is comparable to that of
"framed shear walls" considerable duct
ility can also be obtained. From the
detailing of such a unit and the fail
ure patterns shown in Fig. 9, it is evi
dent that considerable care would need
to be taken with the confining and
slenderness of compression members and
the detailing of the joint regions. It
is doubtful whether the improvement in
response would outweigh the difficulties
involved in the construction.

In order to increase the flexibility
of structural walls the Kajime cohstruct
ion Co. of Japan [19] introduced the
concept of "slit shear walls". By in
serting asbestos cement plates into the
panel, more widely distributed cracking

vertical beam-like members, as shown in Fig. 10,
be attained.

B-5
§[I~

A-2 A-5 B-2

Fig 8.

It is doubtful whether the superposition of the observed response of
individual "framed shear wall" panels will correctly predict the overall re
sponse of a reinforced concrete shear wall structure. In monolithic cast in
situ construction, the wall will attempt to act as one integral unit in re
sisting combined gravity and seismic forces. Every attempt should be made
by the designer to encourage such action, which suits best the natural be
haviour of a structural wall. In doing so it will be relatively easy to
ensure a predominant flexural mode when energy dissipation is required. When
a shear failure mechanism is suppressed strength and stiffness degradation
under reversed cyclic load will be minimised and hence energy dissipation
will be approximately'proportional to the imposed inelastic displacement on
the structual wall.

2.5 - Moment - Axial Load Interaction

Cross sections of flanged, angle, or channel shapes often appear in
shear walls, forming the core of mUltistory buildings. These may be subject
ed to axial loads of varying intensity, including net tension, together with
bending moments about one or both principal axes. For practical reasons the
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[~I~
Fig 9. Reinforced concrete truss frame intended for earthquake resistance.

[18]

slits

Fig 10. Slit shear wall
in its boundary
frame. [19]

cross sections remain reasonably constant over the
full height of the structure. It is possible, and
it may be advantageous, to evaluate the interaction
relationship between flexure and axial force for
such cantilever shear walls. It can be rather
cumbersome to work out the required reinforcement
for a particular load interaction, but is is re
latively easy to determine the possible load com
binations for given arrangements and amount of re
inforcement, particularly with the aid of a com
puter. The results can then be used to allocate
the required reinforcement at any level along the
full height of the structure.

When a channel-shaped cross section is sub
jected to axial load and flexure about its weak principal axis, interaction
curves of the type illustrated in Fig. 11 result. In this particular section
the reinforcement was assumed tQ be uniformly distributed along the center of
the wall thickness. The load eccentricity is with reference to the plastic
centroid of the section. A positive moment is considered to cause compress
ion at the tips of the flanges and tension in the web of the channel. For
pure flexure, this would be an over-reinforced section with about 3% total
steel content. For a reversed (negative) moment, causing compression in the
web of the section, a marked increase in moment capacity follows the applic
ation of compression forces. The wall section in Fig. 11 is suitable to re-
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provided with confining reinforcement to
ility will be available. Provisions for
draft recommendations.

sist moderate axial ten
sion in combination with
positive moments, and
considerable axial com
pression with negative
moments. These are
typical load cOmbinat
ions occurring in coup
led shear wall struct
ures.

The position of
the neutral axis, shown
by the radiating straight
lines, is indicative of
the curvature ductility
that is involved at the
development of the ideal
strength of such a sect
ion. It is evident
that in estimating the
available ductility,
the configuration of
the cross section is
more significant than
the intensity of the
axial compression. For
example, if a possible
moment is applied to
the structural wall,
shown in Fig. 11, with
only negligable axial
compression, a consider
able portion of the
flanges will need to be

ensure that adequate curvature duct
such situations are made in the

Typical moment-axial force interaction
relationship for a channel-shaped wall.
[11]

Fig 11

It may be noted that the ductility potential of such walls is consider
able if positive moments occur with net axial tension/and compression forces
are applied only with negative moments. This is the case in coupled shear
walls, to be examined in section 4, where channel shaped walls can be
efficiently employed.

In spite of an exhaustive treatment of the subject, some misconcept
ions still exist with respect to the relationship between curvature ductility
at the critical section, ~¢, and the overall (displacement) ductility, ~~, of
a structural wall, Therefore it is emphasized that the curvature ductility
dema~d for a cantilever wall at its base will be considerably larger than
the displacement ductility, particularly when the height to length ratio of
the wall is large [20]. The relationship between these two ductility factors
~¢ and ~6' is shown in Fig, 12 for cantilever walls subjected to a single
lateral point load at the top. The intersecting boundaries of the bands
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Fig 12.
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The relationship between curvature
and displacement ductility factors
in cantilever structural walls [20].

represent two different assumpt
ions with respect to the length
of the plastic hinge at the
base of the wall.

2.7 - Some Implications of
Dynamic Response

From a limited number of
theoretical and experimental
studies a few design features
emerge which are important.
An extensive parametric study
of the dynamic response of 20
storey cantilever walls, with
various fundamental periods and
base yield properties, was
carried out by the Portland
Cement Association [21, 22,
23], and some of the conclus
ions were as follows:

(a) the magnitude
hinge generally increases with decreasing
moment of resistance provided at the base sect-

of the

(c) For constant stiffness
i.e. fundamental period Tl,
the shear demand increases
considerably at every level,
as expected, with increas
ing flexural capacity of
the base.

(b) The variation of shear
load with height does not
significantly change in
walls of different fundament
al periods (0.8 < Tl < 2.4
sec.) and identical flexur
al capacity at the base.
This contradicts with the
results of other studies
particularly those using
modal superposition. [8]

(d) As the flexural capac
ity of a wall, with a given
period, is reduced the ex
tent of yielding (length of
plastic hinge) progresses
from the base, i.e. from
one to six storeys in a 20

500,000 in-I<
Y = 750,000

= 1,000,000
= 1,500,000
= ... (elastlc)
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Variation of flexural demand along the
height of a twenty storey cantilever
subjected to different dynamic excit
ations [23].
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storey cantilever wall.

A particularly interesting result of this study [23], shown in Fig. 13,
indicates that the flexural moment demand in the upper storeys is larger than
what one would obtain from a bending moment diagram constructed for a code
prescribed equivalent lateral static load. [1, 2] This then signifies that
if yielding is to be avoided in the upper storeys of a cantilever wall, then
the flexural strength i.e. curtailment of the principal longitudinal flexural
reinforcement, should follow a linear variation rather than a more rapidly
decreasing moment pattern, such as a third order parabola. Yielding at upper
storeys is not objectionable while extensive rotational ductility is expected
at the base. However, it must be remembered that the flexural yieldings
strongly affects the shear resistance of a wall. In particular the contribut
ion of the concrete shear resisting mechanisms would be reduced and consequent
ly shear reinforcement would need to be provided for the entire expected
shear force.

The intense shaking of small scale wall models at the University of
Illinois [24] drew attention to the phenomena, observed also in static tests,
that sliding shear failure presents a potential hazard in the plastic hinge
zone of conventionally reinforced structural walls.

Mb Ilitl H
(bI1SJlo..y ... aU

Frequency distribution of
centre of applied initial load
for two cantilever walls. [8]

.,

W

~O-l

g

Fig 14.

Inelastic time history studies
of cantilever walls from 6 to 20
storeys, using various earthquake
acceleration records, made com
parisons [8] with flexural and shear
demands specified by the New Zealand
loading code. [2] These studies
also verified previous findings,
discussed in section 2,3, that both
induced moments and shear forces
will exceed at various floors the
quantities indicated by equivalent
static loads. The ratio of the base
moment to base shear, Mb!Vb, repre
sents a convenient measure for
assessing the variability of the
modal combinations at flexural
capacity. [8] Frequency curves for
two of the structures are repro
duced in Fig. 14 showing all values

of Mb!Vb recorded while the structures were in the strain hardening range for
all earthquake analyses. The frequency distribution shows skewness with the
mode less than the mean. Wherever the value of Mb!Vb is less than that im
plied by the static code loading, which is approximately 0.72H, the shear
forces near the base will be higher than that resulting from the code specif
ied distribution of the loading. Conversely where the values of Mb!Vb are
larger, the shears near the top of the structure will be larger. This
observation resulted in the incorporation of dynamic shear magnification
factors in the New Zealand Loading Code [2], shown in Table 1, which are to
be applied to the shear forces derived for the specified lateral static
loading and scaled up to correspond with the strain hardened flexural capacity
of the wall base.
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Number of Building Class* * Class I: Essential facilities required to
Storeys I II III be completely functional immediate-

1 5 1.0 1.2 1.3
ly after a seismic disaster, with

to an importance factor of I = 1.6.
6 to 9 1.2 1.3 1.5 Class II: Public buildings not included in

10 to 14 1.4 1.5 1.7 Class I with I = 1. 3.
15 to 20 1.4 1.6 1.8 Class III: All other buildings with I = 1.0.

Table I: Dynamic Shear Magnification Factors [2]

3. FRAME-WALL INTERACTION

Wall.

(b)

FRAME

(0)

Interaction of a cantilever wall
with rigid jointed frames

WALL

Fig. 15a illustrates
a cantilever wall and a
frame, both carrying the
same load at a certain
height. This causes the
shear wall to suffer bend
ing distortions and to
assume a constant slope

above the level of load applications. The originally horizontal sections at
each floor tilt. The frame experiences mainly translatory displacements and
it tends to become vertical above the load level. When column shortening is
neglected, which is justified in most reinforced concrete buildings of
moderate height, the floors remain horizontal. Because of this incompatibili
ty of deformations, a cantilever wall can oppose an open frame in its load re
sistance at the upper floors. only at the lower floors do the two structures
assist each other in carrying the external lateral load. A typical distribut
ion of the lateral load between a relatively slender shear wall and a frame,
in terms of shear forces, is illustrated in Fig. 15b.

Analytic techniques currently in use, when suitably programmed enable
the accurate assessment of the elastic interaction of structural walls and

rigid jointed frames to be
made, Certain problems of
behaviour arise from the
interaction of two struct
ures that respond in dis
tinctly different manners
to lateral load.

Fig 15.

Because of the large difference in stiffness with respect to lateral
load, the walls are likely to yield at their base before any yielding in the
beams or columns of the interacting frames would occur. After the formation
of a base hinge subsequent rigid body rotations of the wall or walls will
enable the full plastifications of the interacting frames to develop. If
the walls remain elastic above the base hinge then they are likely to absorb
most of the higher mode effects during the subsequent nonlinear dynamic
response of the building. This could be beneficial,for it is likely to en
sure a more even distribution of ductility demand in the beams of the inter
acting frames. Also there is likely to be a much more even distribution of
beam input moment among the columns above and below a particular floor.
Thereby the likelyhood of hinge formation in the columns at upper storeys is
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virtually eliminated and the restoring force characteristic of the frames
are enhanced.

For certain types of buildings it is customary to allocate the entire
specified lateral strength to structural walls and to provide back up frames
with a potential strength at least equal to 25% of the required lateral load.
[1] This implies lack of faith in structural walls because of their presumed
inability to supply adequate ductility with only insignificant loss of
strength. There is ample evidence available, however, to show that structur
al walls can be designed and detailed so that ample ductility will be avail
able during several reversed excursions into the postelastic range of respon
se without significant loss of strength. With properly detailed walls, part
icularly in the potential plastic hinge regions, there should be no need to
provide for a flexible back up framing system that would be mobilised when
the much stiffer wall system has failed, presumably in a brittle manner.

Small scale walls and frames that were
coupled at three floors during intense
shaking, showed that the contribution of
frames became significant after extensive
damage (crushing and sliding shear) occurred
at the wall base. [24] However, the upper
part of the wall remained effective in stiff
ening the upper storeys and the observed
base shear wave form was still very consider
ably larger than in an identically excited

The weakness in a seven storey, one
quarter scale reinforced concrete wall-frame
model, tested at the University of Canter
bury under reversed static cyclic loading,
was found to be in the beams of the frame
rather than in the structural wall. [25]

The relatively short beams, shown in
Fig. 16, developed plastic hinges at both
ends after the onset of plastic rotations
at the base of the wall. In spite of the
low nominal shear stresses induced
(O.028/fh MPa, 2.8/f~ psi) the hinges ad
jacent to the walls showed excessibe slid
ings shear displacements. When this mode
of failure was controlled by the placings
of diagonal reinforcement at the potent
ial beam hinges, a very satisfactory over
all response to several cycles of reversed
loading was obtained, as shown in Fig. 17.

Fig 16. One quarter full size
reinforced concrete
frame_shear wall
assembly after test
ing. [25]

The behaviour of cantilever structural walls/that are designed to inter
act with rigid jointed frames does not appear to be any different from those

discussed in section 2. For this reason
the draft recommendations for earthquake
resistant structural walls are equally re
levant.
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frame without walls.

4. COUPLED SHEAR WALLS

4.1 - Concept of Behaviour

18c.

Although a coupled
shear wall maybe examined
with standard open frame
programs, that take the
unusual relative dimensions
into account, it is prefer
able to discuss behaviour
in terms of a coupling, be
cause generally the response
of the walls will dominate
the overall response of
such structures.
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Many shear walls contain one or more vertical rows of openings. A part
icularly common example of such a structure is the "shear core" of a tall

building, which accommodates
elevator shafts, stairwells,
and service ducts. Access
doors to these shafts pierce
the walls. Thus the walls
on each side of openings
may be interconnected by
short, often deep beams.
It is customary to refer to
such walls as being "coupled"
by beams. A typical struct
ure is illustrated in Fig.

Fig 17. Load~roof deflection relationship
for a frame shear wall assembly
with diagonally reinforced beams.
[25]

The coupling system,
transmits shearing forces
coupling beams to flexure

---------..........:AIoo"""
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r
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consisting of a number of short coupling beams,
from one wall to another (see Fig. 18c) , subjecting
and shear. Because of the small span/depth ratio

of these beams, shear deformations
may become very significant.

Owing to their large stiffness,
the coupling beams are sensitive to
relative movements of their built-in
supports. For this reason the axial
deformations of the coupled walls,
which are responsible for such move-

r ments, may have a considerable
Ie) effect on the overall behaviour.

Laterally loaded coupled
shear walls.

18.
In a technique specifically de

vised for the study of such struct-·
ures, referred to as "laminar analysis" the discrete connecting beams are re
placed by an equivalent elastic continuum. [26, 27] With the extensive use

Fig



of this analysis, numerous parametric studies have been carried out, making
allowances for different boundary conditions, so that the elastic response
of such structures to static load may be considered as being well understood.

The particular advantages of coupled shear walls in earthquake resistant
design may be better appreciated if their behaviour is compared with that of
a simple cantilever. In a homogeneous, isotropic cantilever beam the maximum
shear stresses, which may be critical, will be induced along the fibre of the
neutral axis. If this critical shear fibre, or some other fibres nearby, are
potentially weak, as may be the case in precast panel construction, a sliding
shear failure along the fibre, as illustrated in Fig. 18a, is a possibility.

However, if this failure mechanism could be made to be ductile and also
to possess good energy dissipating properties under reversed cyclic loading,
then it could be used as a viable component of the total load resisting system
when shaking of extreme intensity is to be survived. By assuming that such
ductile shear transfer mechanism can be constructed, the previously discussed
cantilever shear walls could be transformed into coupled shear walls, illust
rated in Fig. 18b. It is seen that the total over-turning moment, produced
by the external lateral load, is now resisted by flexure in each of the two
cantilever walls, Ml and M2, and by the axial force, T in each of the walls,
which operates on an internal lever arm 1. The axial force, T, is simply the
sum of the shearing forces across the continuous coupling system.

The potential of this structure, as an efficient earthquake resistant
construction, would stem from its ability to dissipate energy, when required,
within this shear transfer (coupling) system over its full height. This would
be in addition to the energy dissipated in the plastic hinge that would be
expected to form eventually at the base of each wall. The behaviour of the
individual coupled walls would be similar to that of cantilevers, discussed
in the previous sections, except that the effect of the axial force, T, would
have to be also considered.

With a skillful selection of relative stiffness and strength properties,
it is possible to reinforce the various components in such a way that under
continuously increasing lateral static loading the strength of the coupling
system is developed before the onset of yielding at the base of the walls.
This would imply that considerable energy could be dissipated by the coupling
system, involving yielding and consequent damage, before damage and permanent
misalignment of the coupled walls would occur. Under catastrophic conditions
the major part of the total energy to be dissipated could be derived from the
coupling system, thus reducing the ductility demand at the wall hinges.

In comparison with cantilever walls coupled shear walls offer more than
one line of defence when energy dissipation is required. The wider dispersal
of energy dissipating devices is likely to result in improved structural
damage control. When a coupling system with a reasonable stiffness is chosen,
which is relatively easy to achieve in practice, the reduction of the stiff
ness of the coupled shear wall structure, in comparison with a cantilever
wall with the same overall dimensions, is insignificant. Consequently the
protection against damage of the non-structural components of the building
within the elastic response of the coupled shear walls can still be assured.

It appears that a deliberate introduction of a weakness to a cantilever
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shear wall in the form of a ductile shear fibre, as shown in Fig .. lSa, or
its equivalent, illustrated in Fig. lSb, may result in a structure which
possesses the features that are so desirable in earthquake resistant con
struction, i.e. adequate stiffness to give overall damage control during
moderate disturbances and ample ductility and energy dissipating ability for
the catastrophic situation. For obvious reasons, the coupling system, which
normally is an insignificant component when gravity loads are considered,
lends itself much better for repair than cantilever walls.
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The axial force in the walls results from the accumulation of the
shearing forces across the coupling system of beams or laminae. The larger

the stiffness of the
coupling system relative
to the walls, the more

pw efficient the coupling,
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1--3661>-1-.&0-1---3660---1 " ~ modes of internal moment

M,+Mr-jIMo 0.6 ~ resistance depends on the
I I t strength and stiffness of

~ the coupling between the
two walls. Clearly it is
more efficient to resist
the external moment pre
dominantly by internal
forces T, which operate
with a large lever arm 1,
than by component internal
moments Ml and M2 .

The mode of internal moment resistance
in a coupled shear wall structure. The relative proport

ions of the contributions
of the internal couple, IT,

in resisting the external moments ~, at various levels of an elastic 20
storey shear core are presented in Fig. 19. It is seen that the coupling is
efficient for the top half of the structure for all but the shallowest beams.
At the base, little difference in behaviour is indicated for 600 rom deep or
infinitely stiff beams. The latter represents the case when no distortions
occur in the process of shear transfer from one wall to another, that is, a
continuous linear strain distribution occurs across the entire shear wall
structure. The low effficiency of 150 rom deep coupling beams shows the
approach to the other limiting situation when iT = 0, that is, when the entire
external moment is resisted by flexure in the component cantilever walls Ml
and M2.

Fig 19.

The role of cracking in the elastic behaviour of shear walls has been
examined theoretically.and experimentally. [28] Because of the very large
differences between the stiffnesses of the components, and the drastic loss
of stiffness in the coupling system after diagonal cracking, a 75 to 100% in
crease in both the deflection and the wall moments has been obtained in case



studies in which allowance was made for cracking. It is best to make a number
of assumptions with regard to loss of stiffness caused by cracking in the
walls and the coupling system and to carry out an analysis for each.

4.2 - Ductility Demands

The strength of two coupled shear walls, subject to seismic~type lateral
loading, is reached when a collapse mechanism is formed. Two plastic hinges
in each coupling beam are required to terminate its ability to accept addition
al shear. In addition, one plastic hinge needs to be developed in each of
the cantilever walls, normally at their base, to complete the collapse mechan
ism. The sequence of hinge formation for a given loading will depend on the
relative strength and stiffness of the components. The mechanism is similar
to that for a multistory frame.

The behaviour of some coupled shear walls that" were exposed to severe
earthquakes, indicated that all or most coupling beams failed before the
ultimate strength of the coupled walls was attained. Classic examples are
some of the end shear wall frames of two 14 story buildings, severly damaged
during the 1964 Alaska earthquake. [29] It is possible, however, thatin some
structures the ultimate strength of the walls will be exhausted before plastic
hinges form in the coupling beams.

The order of ductilities that need to be developed in the coupling beams
and the walls can be estimated if an equivalent static load, such as specified
by codes [1, 2], is applied to the structure. With a monotonic increase of
the load, till the development of the complete failure mechanism, the subse
quent deformations in all elements can be computed. Such studies show that
for a given displacement ductility, as measured for example by the lateral
deflection at roof level, very large ductilities may be required to be devel
oped in the coupling beams. Typically, for a system displacement ductility
factor of 4, we may require coupling beam distortions corresponding with a
member ductility factor of 10 to 12. [11] Because shear distortions in
coupling beams may be very significant, it is not convenient to express di.s
tortions in terms curvature ductilities. Rather the term "member ductility
factor" is used which relateS to the absolute rotations and displacements at
the boundaries of such coupling beams, and hence takes into account all
the distortions that may occur in the entire body of the beam. In particular,
it should be noted that the plastic rotations that occur in the wall base
hinges, 6w' usually cause greatly magnified additional plastic rotations 6p ,
The magnification is evident from the relationship: 6p = 16w/ln , where 1 is
the distance between the centroidal axes of the two walls and In is the shear
span of the coupling beams i.e. the distance between the inner forces of
the coupled walls.

It is evident that the design of coupling beams warrants careful consider
ations if the desired ductility demand is to be maintained without significant
loss of shear carrying capacity.

The strength and available ductility of the walls can be assessed with
the aid of moment-axial load relationships such as shown in Fig. 11. It should
be noted that, as opposed to normal column sections, the interaction relation
ship for rectangular coupled shear wall sections will not be symmetrical. For
obvious reasons considerably more reinforcement will need to be provided
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Fig 20. Moment-axial load interaction relationships related to the reference
axis of non-symmetrical wall sections. [30]

near the outer edges than at the inner faces of the walls because of the
moment-axial tension combination. This arrangement will also cause the
plastic centroid not to coincide with centroid or reference axis of the wall.
It is convenient to establish the interaction relationship with reference to
the axis of the wall rather than its plastic centroid. Such relationships
are shown for a model structure in Fig. 20.

4.3 - The Strength and Ductility of Coupling Beams

It is evident that diagonal
tension failure, such as fre
quently observed in buildings
damaged by recent earthquakes
[29] must not be permitted to
occur. Therefore the entire
shear force that could be gener
ated in such beams, when the
flexural reinforcement provided
develops its strain hardened
strength, must be resisted by
web (stirrup) reinforcement·
The probability of yielding in
stirrups must be minimised.

(c IInternal Forces

•
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(b}External Actions

Model of diagonally reinforced
coupling beam.

(a) The Geometry of the ReinforCflment
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A more detailed examination of the observed performance of the coupling
beams is given in another state-of-the-art report for this ERCBC workshop.

Therefore only the main issues
relevant to the design of coupl
ed shear walls, are stated here.

Fig 21.

It has been observed that
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Suggested steel arrangement in a
diagonally reinforced coupling
beam

Fig 22.

when the nominal shear stress across the beam section becomes large a sliding
shear failure is likely to occur. To eliminate such a relatively brittle
failure it is recommended that the entire flexure and shear be resisted by

diagonally arranged re
inforcement. The simple
model that obviously sat
isfies equilibrium require
ments and which can be
used as a basis of design,
is shown in Fig. 21. A
suggested practical ar
rangement of the reinforce
ment for a beam of part
icular dimensions is given
in Fig. 22. The most im
portant aspect of the de
tailing is the prevention
of buckling of the diagon
al bars that will be sub
ject to Bauschinger effect
after one excursion of the
beam into the postelastic
range of response.

It may be noted that
with inelastic reversed cyclic loading all the forces must gradually be trans
ferred to the diagonal reinforcement. Consequently the expected response and
the supply of ductility is that of a steel member. This was confirmed. [31]

4.4 - The Behaviour of Coupled Shear Walls

To verify the contribution of conventionally and diagonally reinforced
coupling beams to the overall elasto-plastic response of coupled shear walls,
two one quarter full size seven storey reinforced concrete coupled shear wall
models were constructed, instrulnented and tested under simulated cyclic load
ing at the university of Canterbury. The current code requirements in New
Zealand [2] are such that a shear wall structure of this type is expected to
be able to sustain a load which would cause a lateral displacement, usually
measured at roof level, at least 4 times as much as the displacement at yield.
Moreover, the load, when applied in this manner at least four times in each
direction, must not diminish by more than 20%. Briefly, a displacement
ductility of 4 must be sustained at least 4 times in each direction with a
strength loss not exceeding 20%. The tests were carried out in such a way
that the cumulative ductilities, imposed during progressive and increasingly
severe loadings, were at least 16 (i.e. 4 x 4) in each direction of the load
application. Only the highlights of the results, most relevant to the design
of coupled shear walls, are presented here. Details of the study may be ob
tained from other reports. [11, 32]

Both model structures contained identical longitudinal wall reinforce
ment. The beams in wall A were conventionally reinforced while those of wall
B contained diagonal bars, as shown in Fig. 23.

It is seen in Fig. 23 that at the end of the test all coupling beams of
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Fig 23. Reinforcing details and crack patterns of two model coupled shear
walls subjected to simulated cyclic loading [32]

---WALL 8

or both ends by sliding shear. The crack pattern
B on the other hand show considerably less dis

tress in spite of large imposed
lateral displacements which corres
pond with a displacement ductility
factor, ~~, of more than 10.

Load P
~ "~ .9-

-'<

WALL B

shear wall A failed at one
in the beams of shear wall
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Fig 24. A comparison of the load
sustained with imposed
cumulative ductility in
two coupled shear walls [30]

Because of strain hardening of
the Grade 40 (fy = 300 MFa) reinforce
ment, both walls developed a total
lateral load capacity, Pu ' which ex
ceeded by up to 20% the theoretical
load capacity, p*, based on the ob
served strength ~roperties of the
steel and the concrete. Fig. 24
shows that with progressive loading,
as measured by the cumulative dis
placement ductility, the strength,
Pu , of wall A was gradually reducing.
However, no significant strength loss



was observed in wall B in spite of the severe loading sequence which imposed
a cumulative ductility of approximately 32 (i.e. 2 x 16) in both directions.

Fig 25. The load-roof displacement relationship for a model coupled shear
wall with diagonally reinforced coupling beams.

Fig. 24 thus shows the excellent performance of the coupled shear wall model
with diagonally reinforced beams in terms of the repeatedly sustained ultimate
load, Pu •

The stable hysteretic response of wall B, resembling that of a steel
structure, is shown in Fig. 25.

4.5 - Design Considerations for Coupled Shear Walls

The proportioning and detailing of walls in coupled shear wall structures
should follow the same principles as outlined for cantilever structural walls.

Particular attention must be paid to the fact that the earthquake induced
axial load intensity in these walls can be very large.

Limited number of theoretical studies of the nonlinear dynamic response
of coupled shear wall structures [33] indicated that as in cantilever, the
dynamic moment demand along the height of one wall is likely to exceed the
intensity predicted by an elastic analysis for code required [1, 2] lateral
static load. It seems advisable to curtail the longitudinal reinforcement to
correspond with a linear moment variation between the base at the top of the
structure.

As was suggested for cantilever structural walls, the shears derived
from code prescribed loading should be magnified in order to recognise the
increased dynamic shear demand, particularly in the lower parts of the
structure. This was to preserve the ductile energy dissipating mechanisms
in these structures. It appears to be justifiable to retain this procedure
also for coupled shear walls.
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It may be easily shown that the shear strength of the plastic hinge zone
in a wall, subjected simultaneously to large axial tension, will greatly
diminish. Indeed the very small flexural compression zone at the base of
such a wall would not be capable of transmitting significant shear in frict
ion. Fortunately shear failure in one wall cannot occur alone and therefore
shear redistribution, particularly at 1st floor level, can take place. There
fore the compression wall can attract the bulk of the external applied shear
force. This indicates that coupled shear walls must be amply reinforced for
shear in the potential plastic hinge zones.

The treatment of horizontal construction joints should be the same as
for cantilever structural walls, discussed previously.

The proportioning of the coupling system should be such that the major
part of the overturning moment is resisted by the internal axial forces (shown
as T in Fig. 18 and Fig. 19). This will not only lead to efficient use of
reinforcement but it will assure that a large if not a major part of the re
quired energy will be dissipated in the coupling beams. These are repairable
and non-essential in carrying gravity loads.

with a suitable selection of stiffnesses it is possible to ensure that
the majority of coupling beams will need to yield before the onset of yield
ing at the base of the walls. This desired response was also observed and
predicted in a model structure studied at the University of Illinois [34].
This sequence assures that the walls, though more difficult to repair, will
benefit from a greater degree of protection during moderately strong seismic
disturbances. The New Zealand Loading Code [2] recognises this by requiring
coupled shear walls to be designed for the same base shear as an open ductile
rigid jointed frame, both having the same fundamental period, provided that
the IT component of the internal moment of resistance, shown in Fig. 19, is
at least two thirds of the external overturning moment.

Some additional and specific design proposals are made in the draft
recommendations.
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INTRODUCTION

On observation of actual low- and medium-height concrete buildings, even
buildings which are purported to be pure frames are seen to have reinforced
concrete walls around cores without exception, and in general, walls are
provided in fairly random manner, while this is often ignored in the process
of structural design. It is quite a problem to painstakingly perform elastic
stress analysis of a structure having walls, while on the other hand, it is
extremely difficult to properly carry out elastic stress design because of
factors such as stress concentrations produced due to high shearing rigidi
ties of walls and undetermined foundation rotation rigidities, and moreover,
a question remains whether a building designed in such a manner will be sound.

In the recently published "Earthquake Loads and Earthquake Resistance of
Building Structures" [1] examinations are made of the behaviors of reinforced
concrete structures under earthquake loads (Method No.1). This is one way
of checking in regard to seismic resistance of buildings subjected to earth
quakes of the maximum magnitude where all stories yield almost simultaneously.
In effect, a standard velocity response spectrum is first given as the veloc
ity response value for examination, upon which type of ground, ratio between
period of building and critical period of ground, regional reduction, damping
of the building, etc., are considered. The design shear force is obtained by
modal analysis -- root mean square method -- to which the concept of energy
equivalence indicated by Newmark concerning one-mass system displacement
response having elastoplastic hysteresis is applied to obtain ductility
factor and story deflection and to examine the earthquake resistance, and the
ultimate strength of the building becomes involved in this case. Further,
regarding the period of the structure, it is pointed out that determinations
should be made with the yield seismic coefficient as the parameter consider
ing the restoring force characteristic peCUliar to reinforced concrete. In
any event, resistance of a building to a major earthquake cannot be con
sidered irrespective of ultimate strength.

The earthquake resistance of a structure having walls consisting of
strength, deformation properties, energy absorption properties, etc. is
greatly influenced by the boundary frames connected to the walls in addition
to the properties of the walls themselves including their configurations. In
particular, not much can be expected of tensile failure and compressive plas
ticity of concrete for plastic energy absorption in reinforced concrete struc
tures, and it is thought that the energy absorption properties due to plasti
cization of reinforcing steel are great, and moreover, stable. At present,
when stable yielding in shear of walls cannot be obtained with structures not
having large wall quantities, it is thought bending failure of boundary beams
or walls of bending failure type should be actively promoted.



This paper, based on the above background and recent research situations
and the results thereof, discusses matters such as the ultimate strengths of
frames which have walls.

PRESENT DESIGN METHODS

In earthquake-resistant design of ordinary structures in Japan today,
computations of member cross sections are made in principle for the sum of
earthquake stress and long-term load stress with seismic coefficient at 0.2
(increased by increments of 0.01 for each 4 m above height of 16 m) based on
elastic rigidities of members. In case of design being based on the elastic
theory, horizontal forces are concentrated at lower stories because of high
shearing rigidities if there are shear walls so that shear stresses are
increased, while uplift of foundations is apt to occur.

When a high shear stress is anticipated, there are cases in which
designing is done taking into account reduction in shearing rigidities of
walls. And, when loads are carried in exact accordance with elastic theory,
the shear walls would bear the greater part of the horizontal forces, and
considering that the strengths of frame portions are lowered, designs are
often made so that horizontal forces suitably increased in proportion are
carried by structural planes of frames.

The designs of members for bending stresses are according to the allow
able stresses of mmerials and the straight line theory. With respect to
shear design, allowable shear forces are specified for beams, columns and
walls, and designing is done so that design shear forces are not exceeded.
In this case, it is permissible for the design shear forces for beams and
columns to be taken as the stresses for bending yield load of a frame includ
ing these members or 1.5 times the shear force during horizontal loading.
It is said that, in principle, designing should be done in a manner that
members will not show shear failure even if the frame reaches a state of
collapse, but there is no special mention regarding external force distribu~

tion and ultimate strength of a structural body having walls and a distinct
design philosophy has not been established.

SURVEY OF PAST RESEARCH

Strengths and Deformations of Beams and Columns

Eq. (1) has been proposed for ultimate shear force Qu of a beam or
column based on the results of many experiments [1], and this is Arakawa's
formula to which 0.1 N/bh has been added inside the brackets.
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Qu {0.092 ku·kp (180 + Fc) + 2.7/Pwf wy + 0.1 N/bh}bj
M/Qd + 0.12

(1)

where
b width of member (em)
j distance between resultant compression force and tension

force (em)
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k u

kp

Fc
M/Qd

Pw

fwy
N
h

correction factor based on cross-sectional dimensions
= 0.72 (d > 40 cm)
correction factor based on tension reinforcement ratio
= 0.82 ptO. 23 (Pt = 100 As/hal
concrete strength (kgf/cm2)
shear-span ratio
area of shear reinforcement within a distance s, shear
reinforcement spacing, divided by b·s
yield strength of shear reinforcement (kgf/cm2)
axial load to be taken as positive for compression (kgf/cm2 )
overall thickness of member (cm)

For ultimate flexural strength of a column the following equations are
proposed [1].

Mu =

Mu

Mu

2 Nmax - N
{0.8As f yh + 0.12bh FC}(N

max
_ 0.4 bhF

c
)'

for Nmax ~ N > 0.4bhFc

0.8As f yh + 0.5Nh (l-N/bhFc ), for 0.4bhFc > N > 0

0.8As f yh + 0.4Nh, for 0 > N ~ Nmin

where, Nmax = bhFc + (As + As')fy , Nmin = -(As + As')fy

As area of tension reinforcement
As' area of compression reinforcement

f y yield strength of reinforcement

For determining approximately the deformation of a member beyond
elasticity there is the method based on inelastic rigidity [2], With the
relation between end moment and rotation angle of a member subjected to
inverse symmetrical moment as as (S: elastic rigidity), a is obtained by
the following equation:

where

l/a

ay

1 + (l/ay - l)(l-Mcr/My(l-Mcr/My)

(0.043 + 1.64 nPt + 0.043a/D + 0.33N/bh)(d/h)2

Mcr cracking moment
My yield moment

n modular ratio = Es/Ec
Pt As/bh

aiD shear-span ratio
d distance from extreme fiber to centroid of tension reinforcement

For exact calculations, elastoplastic bending deformation of the member,
additional deformation due to pull-out of main reinforcement at the end of
the member, and deformation of the beam-column connection panel may be con
sidered. Suitable data do not exist with respect to shearing deformation,
but for long columns it should be permissible to consider them as elastic.



Strength and Deformation of Wall

Shear behavior of plane shear wall -- Experiments on plane isolated
walls have been carried out in large number from the past with emphasis on
shear strength. Just as the so-called shear-span ratio M/QD influences
ultimate strength in the case of a beam, it cannot be ignored in the case of
a wall either. Hirosawa et al., have examined shear strength based on the
results of many experiments modifying Eq. (1) [3], [4].

Meanwhile, Sugano, with respect to the results of experiments on so
called shear of walls showed that calculated shear force in resisting bending
and experimental shear strength were fairly close to each other when wall
reinforcement was disregarded and only column reinforcement was considered as
effective [5], and this is a point which will require great care in order to
cause stable bending failure of the wall.

Regarding deformation of a wall at maximum load, Hirosawa [4] indicated
the frequency distribution of rotation angles of walls at maximum load from
the results of experiments on 175 specimens as shown in Fig. 1. As has been
said from the past, it is thought the shear deformation angle is around
4 x 10- 3 •

Okada reduced the shear-deformation relationships of walls to a model in
tri-linear form as shown in Fig. 2 [6]. This was a slightly conservative
evaluation of strength based on the shearing rigidity reduction rate equations
of Kokusho and Tomii, and on the relationship between shear cracking strength
Tc and shear resistance Tu indicated by Sugano. The points at which shear
cracks are produced correspond to shear stress of Tc = O.lFc and shear
deformation of Yc = 0.2 X 10- 3 in the equations of Kokusho [7] and Tomii [8].

Further, Hirosawa has suggested that if Fc < 300 kgf/cm 2
, around Tc

O.lFc would be satisfactory as a simplified e~uation [3]. There is still
room for consideration concerning shear strength, however.

Shiga et al., conducted dynamic shear failure experiments of walls and
concluded that except for the first application of load the hysteresis loops
of repetitive stressing become extremely small and are about 4% in terms of
equivalent viscous damping constants [9].

FEM analysis of walls on which efforts have recently been made in many
quarters is an effective tool for clarifying the relationship between
strength and deformation, but it is felt this has not progressed to the
extent of predicting shear failure modes or failure produced immediately
after bending yield.

Bending failure tyPe wall -- While the resistance of a wall to bending
can be computed by the straight line theory, the following approximate equa
tion gives results which are in accordance roughly with experimental values
[1].

1369

(4)

where
b width of column on compression side
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~ length of wall (distance between column centers)
Awh total cross-sectional area of vertical bars in wall
fWh yield strength of vertical bars in wall

Hirosawa indicated from comparisons of shear force during bending resist
ance and ultimate shear resisting capacity that a relatively stable restoring
force of bending yield precedent type is obtained for a wall of rectangular
section and M/QD ~ 1. Examples are given in Figs. 3 and 4. It is pointed
out in this case that the average shear stress of walls should be about
30 kgf/cm 2 or under.

Box tyPe wall, others -- In actual buildings, walls around cores often
are in box form, but there have been extremely few experimental studies on
this shape. Umemura, Aoyama et al. [11], conducted experiments on box-type
and cylinder-type walls and developed a method of calculating ultimate shear
force. In essence, the effective cross-sectional area of a web is determined
from the neutral axis location during bending resistance, and this is multi
plied by the ultimate shear stress by Arakawa's formula applied for beams, and
it is indicated that bending failure and shearing failure types can be dis
tinctly separated.

Higashi, Okubo and others carried out experiments on columns having small
walls on both sides and deduced an equation for ultimate shear strength and
an approximate equation for ultimate flexural strength [1].

Elastoplastic Behaviors of Frame-Wall Structures

There are comparatively few cases of experiments having been made on
frame-wall structures. Recently, experiments were individually made on the
structural planes of a 2/3-scale model of the bottom two stories of a 5-story
apartment house building [12J, and the average ultimate shear stress of
structural planes having openings was 16.9 kg/cm2

, failing at a relatively
low value perhaps due to existence of the openings.

Matsushima applied horizontal load to the 5-story apartment house full
scale, and converting the entire framework into line members, calculations
were made through tracing of hinges [13].

Nakayama, Eto et al., conducted horizontal loading experiments on a
three-story, three-span structure (scale, 1/2) having walls at the two end
spans, while in calculations the walls were split into elements perpendicu
lar to the wall axes to make comparison studies through analyses giving the
moment-curvature relations and reductions in shearing rigidity of the ele
ments. Further, beams all had tri-linear type restoring forces of hinges
on analysis by the method of tracing hinges [14].

Sonobe, Imai et al., conducted experiments on a 4-span, 5-story steel
and reinforced concrete structure with walls arranged in checkerboard fashion
[15], and showed that with walls arranged in this manner there are wall por
tions produced Which do not carry any shear forces due to tensile forces of
columns because of overall bending.

Although a steel frame, Shotaka, Ornote et al., took a 3-span, 3D-story
structure, and converted pure frame structural planes into multiple-mass

1371
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shear-type elastoplastic systems and structural planes having walls at
centers into direct elastoplastic frame models, and assuming that the hori
zontal displacements of the various structural planes were identical, carried
out elastoplastic earthquake response analyses [16].

Kuno and Okada took a parallel structure of a frame represented by
degrading tri-linear type hysteresis in structures and walls having restoring
forces of original point-oriented type which have no resisting capacity after
critical deformation, carried out response calculations of one~ass systems
changing the wall ratio, and pointed out that it is necessary for frame
strength to be decided in accordance with the plasticity ratio required from
response results of the frame only when there is a possibility of the wall
failing [17].

Ultimate Strengths of Frame-Wall Structures

Okada and Bresler took out walls including boundary beams and determined
ultimate resisting capacity applying lateral forces [18].

Aoyama and others have proposed a method of obtaining ultimate strength
including walls [1], and one example is indicated in somewhat detail in Figs.
5 through 8. The structure was a 3-storied building of 3 spans transversely
and 5 spans longitudinally with external forces distributed in the form of
triangles for the frame structural planes A and D and structural planes Band
C containing walls, all four being in the longitudinal direction.

Regarding the frames A and D, the sizes of the sums of yielding moments
My of beams and columns at the various joints were compared, and assuming
that hinges are produced at the smaller sides, the principle of virtual work
was applied to determine external force. Methods not based On virtual work
were also studied, for example, a case of hinges produced in beams and no
hinges produced in columns above and below the joints was taken, and distrib
uting joint moments to the columns above and below, it was concluded that in
general the former is superior.

With respect to the Band C frames containing walls, the effects of
orthogonal frames connected to the walls were taken up in the form of yield
ing of boundary frames, and the ultimate resisting capacity at bending yield
of the walls and at uplift were obtained from the principle of virtual work,
and the lesser was taken as the ultimate resisting capacity. In case of
bending yield of walls, foundation beams will not have yielded, while when
there is uplift, orthogonal frame foundation beams will have yielded.

The ultimate resisting capacity of the structure will be the sum of the
ultimate resisting capacities of the frames A and D, and B and C. In this
case, the ultimate resisting capacities were the values given below, indicat
ing that the ultimate resisting capacity of a frame having walls can be con
siderably greater than in the case of a frame.

Ultimate shear strength of one story in frames A and D
0.767 x 10 5 kgf

Ultimate shear strength of One story in frames Band C
6.036 x 105 kgf at uplift of wall
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Ultimate shear strength of one story in frames Band C
7.416 x 105 kgf at bending yield of wall

The shear force applied to a wall is obtained with external force dis
tribution on walls having boundary beams given as triangle distribution.
This method is that which seeks the kinematically admissible state as men
tioned in limit analysis and points out that the evaluation is on the risky
side for ultimate strength at real collapse, or that with frames of collaps
ing type conditions of external instability and internal indeterminateness,
moments cannot be obtained unless shear force distribution is assumed for
each individual column.

PROPOSALS AND DISCUSSIONS ON DESIGN OF FRAME-WALL STRUCTURES

In case of low- and medium-height structures where there are walls in
large quantity in random fashion, it is thought permissible to perform so
called strength design in which external forces are resisted by the total sum
of wall and column quantities. In doing so, such items as structural planning
including the plan arrangement of walls and continuity in the vertical direc
tion, material strength, quantities and placement arrangements of main and
hoop reinforcing bars, ratios between resisting capacities of ductile frames
and brittle walls and short columns, boundary beam effects, etc. should be
taken into account in evaluating the ultimate strength of a building. This
would mean introducing the method of judging earthquake resistance of exist
ing buildings which is actively being studied in Japan of recent to the stage
of design in reverse.

Ultimate Strength by Limit Analysis and Design Shear Force of Wall

In general, in cases where there are not many shear walls, it is thought
effective for design of frame-wall structures to consider ultimate strengths
of the entire bulldings in accordance with the method of virtual work de
scribed earlier. The method of absorbing vibration energy entering a struc
ture by rotation of yield hinge, or, hysteresis energy, is quite excellent
as a design method. In addition, since the hinge location can be predicted
and that part reinforced, it may be considered as a superior design concept
in this sense also,

The upper bound theorem in limit analysis was applied in the earlier
case. Naturally, it would be better to evaluate the total external force
applied to the building adding the lower bound theorem according to the
statically permissible state. There are various techniques of limit analysis
and the following may be said to be one method.

(1) The distribution pattern of total external force of a building is
determined and the ultimate load is calculated by computer [19] or by hand.
As external force distribution, a: triangle distribution is practical, but it
is advisable to refer to elastic response results obtained with various
earthquake waves or to literature. As a natural consequence, it is desirable
for external force mode and collapsing mode not to be very different, and for
response modes from elastic to plastic to be similar.

(2) Generally speaking, in an ordinary structure, the plastic mechanism
is internally indeterminate and shear design of walls becomes impossible.



Therefore, moment distributions of the columns of the bottom story are
determined in a manner that shear forces of the walls at the bottom story
will be maximum without destroying the plastic mechanism. This, for example,
is as in Fig. 10, when yield of a column base and beam of the first story is
in the state of the assumed plastic mechanism, the moment of a second-story
column base is taken at the yield value as in the figure, this is made to be
propagated to an upper story, and if yielding moments are not exceeded at the
various parts, the shear force obtained from the moment distribution is the
minimum for this column. If the yielding moments are exceeded, the moment
distribution of the column at the bottom story is changed and a similar proce
cure is repeated.

When there is a plural number of walls, the maximum shear force of the
bottom story which it is possible to be applied to those walls is obtained in
the same manner as above, following which individual walls are taken out
including boundary beams, external force distribution is applied to each, and
design shear forces of the respective walls are determined in accordance with
the shear force ratios.

With joints causing the mechanism to be internally indeterminate, for
example, where beams yield but the columns above and below do not, and the
difference between the sum of the yielding moments of the columns and the
sum of the yielding moments of the beams at the joint is small, the design
shear force of the wall will not be very excessive, but on the other hand,
the columns should be designed to possess adequate deformation capability.

Inelastic Analysis

Failure modes can be understood through limit analysis, but stress dis
tributions such as moments of the various parts, and the load-deformation
relationships as a whole are obscure. In order to learn about the deforma
tion properties from elasticity to plasticity and the ultimate force dis
tribution, it will be sufficient to carry out calculations appropriately
preparing models of the structural bodies based on bending crack loads,
bending yield moments, and especially with walls, shear cracking loads,
ultimate shearing loads and the corresponding deformations.

It would be optimum if such factors as deformations at joints between
columns and beams, and additional deformation due to pUll-out of reinforce
ment at member ends were to be considered, but it should be permissible for
these to be disregarded for the purpose of designing. In this sense,
although depending on stress conditions, it should be possible, for example,
to consider expediences such as performing calculations using elastic rigidi
ties for columns and cracking rigidities for beams from the beginning.

When the proportion of ultimate strength of a wall in the ultimate
strength of a structure is extremely large, the design shear force of the
shear wall can be the total lateral force, but with further examination as
mentioned above, the design shear force for the shear wall can be made
smaller.

For shear reinforcement of a portion where yield hinge is anticipated,
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it will be necessary at this stage to provide ample allowance in reinforce
ment, not taking average shear stress at a very high level.

With regard to beams and columns also, it is important to reinforce
portions where yielding is expected in a manner that energy absorption will
be provided.

CASE STUDIES

Limit Analysis

Fig. 9 shows a 7-story, 3-span building which is a frame with a fixed
foundation having story height and span of 3 m and 5.4 m respectively, and a
wall at the middle. Wall thickness is 20 em, columns are 60-cm squares,
tensile reinforcement ratio Pt = 0.7%, while beams are 40 x 70 em with Pt =
0.9%. The stresses N/bh in columns at the bottom story due to axial forces
are 40 kgf/cm 2 and 50 kgf/cm2 for exterior and interior columns, respectively.
These stresses are reduced in the direction of height in accordance with
story number.

Assuming external force to be triangularly distributed and using the
principle of virtual work, the maximum shear forces of the. first and second
storles will be obtained as 2.72 x 105 kgf and 2.62 x 105 kgf, respectively.
The mechanism, excepting column heads of exterior columns at the top story,
and column and wall bases at the bottom story, is that of yielding of beams
in all cases, but the stresses are unknown because the mechanism is internally
indeterminate.

If here it is chosen for the shear force applied to the wall of the
first story to be maximum, in effect, for the shear forces carried by the
columns of the first story to be minimum, the maximum shear force applied to
the wall will be lQwp = 2.40xl0 5 kgf, meaning that about 88% of the entire
shear force is carried by the wall, Following the same procedure for the
second story, zQwp = 2,80xI0 5 kgf, which is larger than for the first story.
This happens because the shear forces on the columns of the second story can
be in the opposite direction from external force. The figures in parentheses
in Table 1 are for cases of negative shear produced being disregarded. Fur
thermore, it has been ascertained that the structure in this case is in a
statically permissible state.

The discussion above has been on one frame possessing a wall, The
results for a structure where one or two rows of 3-span frames having columns
identical to the exterior columns of the above frame are arranged parallel to
the frame-wall are indicated in Table 1. It is assumed that horizontal dis
placements of all of the frames are equal and external force of triangular
distribution is applied to the entire structure. In this case, Qwp becomes
larger as the number of frames, in effect, the number of columns becomes
larger.

In the case of Fig. 5, if it is assumed that the wall shear force of the
first story obtained by the method described earlier is lQwp = 5.743xl05 kgf
and loads of triangular distribution are applied to frames A and B, then
lQwp = 5.732xl0 5 kgf, while when only the wall including boundary beams is
taken out and a triangularly distributed load is applied, lQwp = 5.58xl05 kgf.
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As indicated above, it is unavoidable for excessive shear force to be
considered if shear design of a wall is to be done through simple calculations
only. Problems will remain in case frames with large differences between
column moments and beam moments at joints are included.

Inelastic Analysis

The results of inelastic analysis in case of applying triangular distri
bution external force to one structural plane of the frame-wall of Fig. 9 are
indicated in Figs. 11 through 14 and Table 1. This method of analysis divides
a member into a number of elements in a direction orthogonal to the axis of
the member and gives a tri-linear moment-curvature relationship considering
cracking and yielding to each of~ elements for calculation of bending defor
mation, but does not consider inelastic axial deformation as a structure and
variations in axial forces of columns caused by lateral forces.

Regarding shearing rigidity of the walls, it was assumed that rigidity
was decreased at the point of average shear stress equal to 0.08Fc (Fc = 240
kgf/cm2

) and that this rigidity was 1/10 of elasticity. The shear force Qmax
in plastic mechanism according to this inelastic analysis shows a difference
of about 2% as indicated in the table, but this is due to a slight amount of
rigidity considered after yielding. The shear force at the wall of the first
story is 2.14 x 105 kgf which is about 10% smaller than the previously
mentioned lQwp = 2.40xlO s kgf,

The moment distribution at the time of plastic mechanism according to
inelastic analysis and the results of elastic analysis under the same ex
ternal force are indicated in Fig. 11 and Fig, 12. Compared with the results
of elastic analysis, the moments are approximately 4 times greater at the
first-story column, approximately l.~ times at the top story column, and 0.75
times at the wall base. Fig. 13 shows displacement modes according to load
level, where bending modes are predominant in the elastic range, but a linear
trend is indicated as load is increased to become close to triangular distri
bution.

On looking at the load-displacement curve for the top-story floor of
Fig. 14, it may be seen that the wall base first yields and plastic mechanism
is about reached at displacement approximately double that at the time of
yielding of the wall base.

REFERENCES

[1] "Earthquake Loads and Earthquake Resistance of Building Structures",
Architectural Institute of Japan, 1976 (in Japanese).

[2] "Reinforced Concrete Construction Calculation Standards, with
Commentary", AIJ (in Japanese).

[3] M. Hirosawa et al., "Comprehensive Study on Earthquake-Resistant
Performances of Reinforced Concrete Shear Walls (Part 11), (Part 13)", Report
of the Annual Convention, AIJ, 1976, p. 1609, p. 1614 (in Japanese).

[4] M. Hirosawa, "Past Experimental Results on Reinforced Concrete
Shear Wall and Analysis", Kenchiku Kenkyu Shiryo, No.6, Mar. 1975, Building

1379



1380

Research Institute, Ministry of Construction.

[5] s. Sugano, "Study on Restoring Force Characteristics of Reinforced
Concrete Members", Concrete Journal, Japan Concrete Institute, Vol. 11,
No.2, Feb. 1973 (in Japanese).

[6] H. Umemura, "Dynamic Earthquake-Resistant Design of Reinforced
Concrete Buildings", Gihodo, 1973 (in Japanese).

[7] S. Kokusho, "Research on Strength and Rigidity of Reinforced Con
crete Shear Members", Doctoral Thesis (in Japanese).

[8] M. Tomii, "Shear Resistance of Framed Walls without Openings (Part
1)", Report of the Annual Convention, AIJ, No. 51, Sept. 1955 (in Japanese).

[9] T. Shiga et al., "Experimental Studies on Dynamic Characteristics
of Reinforced Concrete Shear Walls - Part 2, Part 3", Research Presentation
Meeting, Tohoku Chapter, A,IJ, Oct. 1971, Report of the Annual Convention,
AIJ (in Japanese).

[10] M. Hirosawa, "Experiments on Members for Multi-story Construction
of Cast-in-Situ Box-Frame Structures", Annual Report, Building Research
Institute, Ministry of Construction, 1970 (in Japanese).

[11] H. Umemura, H. Aoyama et al., "Experimental Studies on Strength
and Restoring Force Characteristics of Three-Dimensional Reinforced Concrete
Shear Walls", Report of the Annual Convetion, AIJ, 1976 (in Japanese).

[12], [13] U. Matsushima, "Experimental Studies on Full Sized Five
Storied Box-Frame Ric Apartment House Building", Annual Report, Builaing
Research Institute, Ministry of Construction, 1968, 1969 (in Japanese).

[14] T. Nakayama, H. Eto et al., "Exact Elastoplastic Analysis Method
for MUlti-storied Parallel Shear Walls Using Division into Elements Orthogonal
to Member Axis", Report of the Annual Convention, AIJ, 1976 (in Japanese).

[15] Y. Sonobe, H. Imai et al., "Experimental Studies on Shear Walls
Reinforced at Perimeters with Steel and Reinforced Concrete",Research
Presentation Meeting, Kanto Chapter, AIJ, 1971, Report of the Annual Conven
tion, AIJ, 1972 (in Japanese).

[16] A. Shotaka, Y. Ornote et al., "Approximate Method for Earthquake
Response Analysis of Multi-storied Buidling Considering Yielding of Members",
Report of the Annual Convention, AIJ, 1975 (in Japanese).

[17] M. Kuno and T. Okada, "Earthquake Reponse of Low Reinforced Con
crete Building with Shear W.alls", Research Presentation Meeting, Kanto
Chapter, AIJ, 1975 (in Japanese).

[18] T. Okada and B. Bresler, "Strength and Ductility Evaluation - Ric
Buildings", EERC Report 76-1, University of California at Berkeley.

[19] R. K. Livesley, "Matrix Method of Structural Analysis", Pergammon
Press, 2nd Edition.



WORKSHOP ON EARTHQUAKE-RESISTANT REINFORCED
CONCRETE BUILDING CONSTRUCTION (ERCBC)

University of California, Berkeley, July 11-15, 1977

A PRACTICAL METHOD TO EVALUATE SEISMIC CAPACITY OF EXISTING
MEDIUM- AND LOW-RISE Ric BUILDINdS WITH EMPHASIS ON

THE SEISMIC CAPACITY OF FRAME-WALL BUILDINGS

by

1381

Hajime Umemura
Professor and Dean

Faculty of Engineering
University of Tokyo

Tsuneo Okada
Associate Professor

Institute of Industrial Science
University of Tokyo

INTRODUCTION

G

In order to develop a practical method to evaluate the seismic capacity
of existing medium- and low-rise Ric buildings, a specific committee spon
sored by the Ministry of Construction of Japan was established in July 1976.*
A method was proposed in April 1977 [1].

The primary purpose of this paper is to describe the basic concept of
the method with emphasis on the unified seismic index to evaluate the seismic
capacities of ductile moment-resisting frame, shear wall, and wall-frame
buildings.

SEISMIC INDEX OF STRUCTURES

The seismic index of structures (Is) is used to evaluate the seismic capa
city, which is calculated by Eq. (1) at each story and in each direction.

where

basic structural index calculated by ultimate horizontal strength
and ductility of structure

local geological index to modify the Eo-index

structural design index to modify the Eo-index due to the grade of
the regularity of the building shape and the distribution of stiff
ness and strength

T time-dependent index to modify the Eo-index due to the grade of the
deterioration of strength and ductility

The overall method consists of three independent methods: first, second,
and third evaluation methods, for the engineers to be able to choose any of
them. The first evaluation method is the simplest, but least reliable, of the
three, while the basic concept is common for all three.

BASIC STRUCTURAL INDEX (Eo)

Since the G-, SD-, and T-indices are the modification factors less than or

*The first author served as the chairman, and the second author was Chairman
of the Task Committee assigned to make draft proposals.
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equal to 1.0 and the Eo-index usually predominates, the outline for evaluating
the·Eo-index is described here.

The Eo-index consists of the strength index (e), the ductility index (F),
and the story index (S). The evaluation starts from categorizing the failure
type of each column and wall. The types of failure used for the first, second,
and third evaluation methods are shown in Tables 1 and 2. Then, all columns
and walls at each story level are assigned into one of three groups; Group-l,
Group-2, and Group-3, according to their F-indices shown in Tables 1 and 2.
The minimum value in a group is assumed as the F-index of the group and the
F-index of Group-l should be the smallest. The number of the groups should
not be more than three, and the smaller the number the better.

The C-index of each group is calculated by Eq. (2).
n

C
J
. ~ I;~. ! ~wk

J l

where

i

story shear of Group-j at ultimate stage

weight at k-th story level

total number of stories

story level under consideration; i~l designates first story

The Eo-index is calculated either by Eq. (3) or Eq. (4) according to the
adopted criterion.

where

E
o

(4)

C
j

OF
j

(n+l)!(n+i). For particular case in the third evaluation
method, S becomes 2(2n+l)!3(n+i)

values given in Table 3

Equation {3) is used when the seismic capacity is determined by the
failure of the group having the largest F-index and Eq. (4) is used when the
failure of the group having the smallest F-index (Group-i) determines the
criterion.

COMMENTARY

A group of the single story buildings consisting of shear walls and ductile
frames is used as an example. The shear wall is categorized as Group-l and
the ductile frame is Group-2. Since the third group does not exist, the



E3-index and C3-index in Eqs. (3) and (4) become zero. The relationship of
the story shear and the story drift of the buildings is assumed as illustrated
in Fig. 1. A quarter of the circle in Fig. 2 shows Eq. (3), and the seismic
capacities of the buildings on the line are considered equal in this method.
The decision criterion is at the ultimate stage of the frames. The broken
line in Fig. 2 shows Eq. (4), and the criterion is at the ultimate stage of
the shear walls.

The results of the computer simulation [2] were used to assess the fea
sibility of Eqs. (3) and (4). The earthquake response of the structural
models representing the wall-frame Ric single story buildings to the recorded
ground motions [2] were expressed in the EI-E2 domain as shown in Figs. 3, 4,
and 5. In the simulation, one-mass models supported on the nonlinear parallel
spring system consisting of the origin-oriented hysteretic model, which repre
sented the shear walls and the degrading trilinear model which represented
the frames, were used. The variables were the strengths and the earthquake
ground motions: El Centro 1970 (NS), Taft 1952 (EW), and Hachinohe 1968 (NS).
The maximum ground accelerations were modified to 30% of the acceleration of
the gravity. Since the ultimate displacement of the wall and the yield dis
placement of the frames were assumed constant, the initial natural periods of
the systems were proportional to their strengths: 0.1 sec - 0.6 sec.

As recognized by the figures, the use of Eqs. (3) and (4) in evaluating
the seismic capacities of the frame-wall Ric buildings seems feasible for
practical purposes, while more detailed investigation is necessary to refine
the method.
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Table 1 Type of Failure and F-index for
First Evaluation Method

Type F-index

Column 1.0

Wall 1.0

Extremely 0.8
Short Column

All columns and wallS are assumed
brittle members
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Table Z Type of Failure and F-index for Second
and Third Evaluation Methods

Type F-index

Ductile Co1umn-1 1.Z7-3.Z 1)
(Bending column)

Ductile Wall-1 1.0 -Z.O
(Bending wall)

Second &
Brittle Co1umn-1 1.0 Third
(Shear column)

Brittle Wall 1.0
(Shear wall)

Extremely Brittle 0.8
Column

Ductile Co1umn-Z 3.0(Column in beam bending Third
type of frame)

Brittle Co1umn-Z
(Column in beam shear 1.5
type of frame)

Ductile Wall-Z
(Wall fails in 3.0
overturning)

1)
F

0.75 (1+0. OSp)

~ Ultimate ductility factor

Table 3 The Values of Uz and u
3

in Eq.(4)

~
Group Extremely Brittle Co1umn,or

Second and Brittle column Brittle Wall
Third Groups

Ductile Column 0.5 0.7

Ductile Wall 0.7 1.0

Brittle Column
0.7or Brittle Wall -
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Current research on reinforced concrete shear walls has been performed on
test specimens where the vertical perimeter reinforcing has been in the form
of wall tied columns and the shear wall horizontal bars are well anchored into
the columns. This construction is usually found in high-rise construction.
In most low-rise construction the perimeter of the shear wall does not termi
nate in an enlarged section such as a column but merely ends without any
enlargement. Further, the horizontal bars seldom have any special treatment
with respect to the vertical bars, i.e. the horizontal bars are not normally
bent or hooked around the vertical bars. The influence of the perimeter con
ditions of shear walls should be clearly established.

In small buildings columns are frequently designed by taking a portion
of the wall and reinforcing it to meet the requirements of columns. That is,
a portion of an 8-in.-thick wall is reinforced like a column. The performance
characteristics of such columns should be determined.

Current codes establish the "shear friction" concept to determine the
allowable shear stresses across horizontal construction joints in shear walls.
Horizontal construction joints have beel! shown to be weak and allow slip to
occur in innumerable earthquakes. Competent construction teChniques and
deatils must be determined for various lateral load levels.
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INTRODUCTION

Reinforced concrete walls are frequently used to provide lateral stiff
ness for buildings. Such walls can be used in a variety of building plan con
figurations. Selected examples are illustrated in Fig. 1. In particular, for
tall buildings structural walls have become more important as buildings have
become more slender and less massive. The walls are used to keep lateral
drift within reasonable limits by resisting horizontal forces in the plane of
the wall.

Although much of the development of structural wall systems can be relat
ed to design for wind forces, there is currently increased interest in the
earthquake resistance of reinforced concrete walls. For severe earthquakes it
is not practical to design tall buildings to respond elastically ~7,50,53,

54]. Therefore, walls must possess ductility for energy dissipation. Much of
the recent experimental research on earthquake resistance of structural walls
has been directed toward evaluation of inelastic deformation capacity as well
as load carrying capacity.

Objective and Scope

In this paper available laboratory tests of reinforced concrete struc
tural walls are reviewed. Major findings are indicated and future research
needs are identified. While the intent has been to be complete, it is proba
ble that investigations have been missed.

Only laboratory tests with lateral loadings in the plane of the wall are
included in this paper. Types of specimens include construction joints, coup
ling beams, isolated walls, coupled wall systems, and frame-wall systems.

Definitions

For many years the term "shear wall" has been used to describe reinforced
concrete walls used as lateral load resisting elements in buildings. The term
originated from the fact that horizontal shears are carried by the walls. The
term has been misinterpreted to refer to behavior dominated by shear [50] .
Except for short, wide walls, shear is seldom the critical mode. Therefore,
the term "shear wall" is a misnomer [50,63] For this reason, the term
"structural wall" is becoming more common.
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Depending on the plan of the building, a structural wall may act individ
ually as an isolated wall, together with one or more others in coupled wall
systems, or with a frame in a frame-wall system. These types of walls are
illustrated in Fig. 2. For a very small span-to-depth ratio of the coupling
beams, the coupled wall system shown in Fig. 2b can approach the proportions
of an isolated wall pierced by openings.

Tests on structural walls can be classified as those on elements, those
on isolated walls and those on systems. Elements include tests of wall con
struction joints and coupling beams. In addition, an isolated wall can be
considered as an element of a coupled wall or frame-wall system.

Tests of isolated walls generally fall into one of two categories: low
rise or high-rise walls. Low-rise walls with height-to-horizontal length
ratios of one or less have been tested. High-rise walls with height-to
horizontal length ratios of two or greater have also been tested.

To date there are few tests on coupled wall and frame-wall systems.

LABORATORY TESTING

Background

Most of the research on structural walls has been carried out within the
past 15 years. If the number of publications written per year is taken as a
rough measure of the interest in this topic, some interesting results are ob
tained. Figure 3 is a plot of number of publications versus the year of pub
lication based on several sources.

Two literature surveys of analytical and experimental publications on
structural walls have recently been made at South Dakota School of Mines and
Technology ~4] and at the University of Toronto [71]. These surveys provide
the data for two of the curves in Fig. 3. The third curve, covering only lab
oratory tests of reinforced concrete walls is based on the publications sur
veyed for this paper.

The total number of analytical and experimental publications increased
rapidly between 1960 and 1972 and then began to decline. The number of papers
on laboratory tests, however, really only started to increase in 1970. Appar
ently, the experimental effort has lagged the analytical effort.

The absolute numbers of publications can be argued,
comparing the South Dakota and the Toronto surveys.
trends indicated are consistent.

as can
However,

be seen by
the overall

Figure 3 does not give the complete picture with regard to laboratory
tests of reinforced concrete walls. Tomii [76] has pointed out that as early
as 1926 Dr. Tachu Naito reported on tests of walls carried out in Japan. Nu
merous tests followed in Japan, but it appears that many of these results have
not been utilized by U.S. investigators.



N
u

m
b

er
o

f
P

u
b

li
c

a
ti

o
n

s

1
4

0

12
0

4
h

y
t-
-n-

-
10

0

8
0 6
0

4
0 2
0

T
o

ro
n

to
B

ib
l

io
g

ra
p

h
y

,
[7

1J

S
o

u
th

D
a

k
o

ta
B

ib
li

o
g

ra
p

h
y

,
[6

4]
p

c
.A

.S
u

rI
l8

Y
{L

a
b

o
ra

to
ry

T
e

s
ts

}

,I~~ II.
II

II
1\

II
1

\ ,\ !
\

1/
\

I1
\

I
I

) I .I
:

•...
:

z o I U '" ~ '"o I Z o .. o <t o .J

2
h

y o

-2
1i

.y

-4
h

y

•
6

7
91

11
0

III

C
Y

C
L

E
N

u
M

B
E

R

o
~

t
>

.l
o

.
c
..

.,
e

.L
X

!
-·

·v
"

{"
.j

"
.j

-
,

o
19

20
19

30
19

40
19

50
19

60
19

70
19

80

Y
E

A
R

F
ig

.
3

P
u

b
li

c
a
ti

o
n

s
on

S
tr

u
c
tu

ra
l

W
al

ls
F

ig
.

4
L

ab
o

ra
to

ry
L

o
ad

in
g

H
is

to
ry

... \H ~ ...



United
1950's.
walls.
blast

1392

Prior to 1966 the most significant experimental program in the
States was that carried out by Benjamin and Williams [9,10,11] in the
Their work consisted primarily of monotonic load tests of low-rise
Tests at MIT [3], also in the 1950's, included dynamic loads to evaluate
resistance.

In April 1966 a symposium on "Tall Buildings with Particular Reference to
Shear Wall Structures" was held at the University of Southampton (England).
This was probably the first conference concerned solely with wall behavior and
design. The conference proceedings [23] consist almost entirely of papers on
elastic methods of analysis and on design and planning. This appears to have
resulted because of an emphasis on wind loadings. The few experimental papers
were on infilled frame research.

A number of investigations of infilled frames have been made since 1950.
Most of this research has been on masonry infilled steel or reinforced con
crete frames. This topic is not covered in this paper.

Subsequent to 1966, interest in structural walls as earthquake-resistant
elements has increased in the United States. This interest has stemmed pri
marily from the generally good performance of walls in recent earthquakes.
While research on elastic performance of structural wall systems had advanced
considerably, research on inelastic performance had not. Experimental data
was especially lacking. Consequently, inelastic behavior became an important
topic for research.

Since 1966, major experimental programs on structural walls have been
initiated at the Portland Cement Association [20,26], the University of Can
terbury [50,54], the University of Illinois [47,74], and the University of
California, Berkeley [15]. These programs are providing data on the strength,
ductility, and energy dissipation capacity of reinforced concrete structural
walls.

Laboratory tests of structural walls can be characterized by the type of
applied loading. Two general types of loading have been used: static and
dynamic [13,22,73].

Static Monotonic Load Tests

Test Method.
load or deflection
Prior to 1970 most
loads.

Static monotonic load tests are carried out by applying
in increasing increments until the specimen is destroyed.
wall specimens in the U.S. were tested under monotonic

is
some

Advantages. The primary advantage of the monotonic test
simple and relatively 1nexpensive. It also represents, to
"control" or "reference" for the other types of tests.

that it
extent,

is
a

Disadvantages. Monotonic response is not sufficient
sponse of structures for earthquake type loadings [73].
hysteretic response of the structure is essential.

to describe
A knowledge

the
of

re
the



Static Reversing Load Tests

Test Method. Static reversing load tests are carried out using load or
deflection control. With the reversing load test, the specimen is subjected
to a predefined series of load cycles so that the sequence from elastic behav
ior through inelastic behavior to destruction of the specimen can be moni
tored. This type of loading, though not as realistic as dynamic base motions,
permits detailed evaluation of the hysteretic behavior of the test structure.

Advantages. Complete control of the loading sequence is possible. Be
cause the test can be stopped, decisions about subsequent loading can be made
based on the then current status of the test specimen. It is also possible to
closely observe overall behavior, crack patterns, and the physical condition
of the specimen at any time during the test.

Useful information regarding the hysteretic response of the structure is
obtained from the test. For example, based on measured force-versus displace
ment curves, changes in the stiffness and energy dissipation characteristics
of the test specimen can be determined. Generally, the data obtained provide
a lower bound for strength and stiffness.

Disadvantages. Because loads are applied slowly, characteristics sensi
tive to the rate of loading are neglected. In addition, the application of
the applied loads does not completely simulate the inertia forces on the
structure.

The primary disadvantage to the reversing load test is related to selec
tion of the applied load history. Since the results obtained are dependent on
load history, they must be carefully interpreted. The common method of test
ing has been to subject the specimen to gradually increasing levels of force
or deformation as illustrated in Fig. 4. Razani [65] has proposed a standard
sequence of gradually increasing increments to be used for comparison of test
results.

Another approach [22] has been to select a specific prototype structure
and to model it in the laboratory. Then the loading history can be based on
dynamic response analyses of the prototype. This approach is complex because
the critical load combinations change with input motions, type of analysis,
and time during the "earthquake".

The question that exists is whether hysteretic response based on static
reversing load tests can be generalized. Japanese investigators PO,70] have
been looking at this question. Experimental work is also underway in the
United States [17,26].

Dynamic Earthquake Simulator Tests

Test Method. This test requires an earthquake simulator consisting of a
servo-equipped hydraulic system, a power supply, a test platform, an elec
tronic control and monitoring equipment [22,73,75]. Specimens attached to the
test platform are subjected to base motions simulating particular earthquake
records.
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Advantages. A significant advantage of the earthquake simulator test is
that the test structure responds to base motion, rather than an attached load
ing system. In addition to the monitored response data, the observed response
of the test structure is of significant engineering value ~3].

Disadvantages. The primary drawbacks of earthquake simulator
the cost of the test facility, both initial costs and life cycle
limits on the size of test specimens.

tests
costs,

are
and

TESTS OF CONSTRUCTION JOINTS

Lateral forces generated during earthquakes must be transferred across
horizontal construction joints in walls. These J01nts must be capable of
transmitting the shear under repeated reversals of loading.

moreno

Tests prior to 1960 relating to construction joint behavior have been
reviewed by Hanson [29]. Hanson [29] also describes a series of "push-off
tests" to evaluate shear transfer behavior under monotonic loading. Gener
ally, his results indicated that a joint where the fresh concrete was cast
against roughened dry concrete performed well. Keyed joints were
effective than rough bonded joints.

Brook [18] has reviewed field practice, research, and code
for construction joints. His paper provides a useful summary
for making satisfactory joints.

specifications
of techniques

With regard to seismic performance, there are few
jected to reversing loads. Significant work has been
tock [41]; Paulay and Loeber [57]; and Paulay, Park, and
suIts of their tests are summarized below.

tests of joints
carried out by
Phillips [58] .

sub
Mat

Re-

Construction Joint Behavior Under Reversed Cyclic Loading

The mechanism of shear transfer across a construction joint consists of
several components. The most important are bond, aggregate interlock, and
dowel action [41,58]. Bond is the "adhesive capacity" developed between the
hardened concrete surface and the fresh concrete. A cracked joint is un
bonded. Aggregate interlock is that mechanism resulting in shear transfer by
interface friction and by direct bearing of particles along a crack. Dowel
action results as slip along a joint is resisted by the reinforcement crossing
the joint.

Mattock's tests [41] evaluated the effects of shear reversals on ini
tially cracked monolithic concrete. The investigation was directed toward the
behavior of precast concrete connections during earthquakes, but is also per
tinent to construction joint behavior. Figure 5 illustrates selected shear
versus slip curves obtained by Mattock. Development of pinching in the curves
is evident after the initial cycles. This occurs as abrasion of the crack
surfaces reduces shear transfer by direct bearing of interface particles. As
loading continues more slip must occur to bring particles into contact. Ab
rasion caused by the load reversals smooths the surfaces and reduces the fric-
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Fig. 5 Shear Versus Slip Curves [41]
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tiona1 coefficient between the surfaces. At larger slips, tensile stresses in
the reinforcement crossing the cracks increase as slip increases. This re
sults in larger frictional forces. In addition, dowel forces increase.

Mattock's results indicate that the utimate shear transferred across a
cracked shear plane under cyclic reversed loads is approximately 20% less than
that for monotonic loads. Also slip is greater at equivalent levels of
shear. Mattock also observed that larger initial crack widths resulted in a
reduced shear stiffness.

Pau1ay, Park, and Phillips [58] observed hysteretic shear versus slip
curves similar to those in Fig. 5. They found that efficient shear transfer
is obtained if the crack along the joint is restrained from opening by rein
forcement crossing the joint. With regard to shear transfer by doweling,
Pau1ay [54,58] has concluded that the slip required to mobilize doweling
forces is so large that there is no practical advantage to the utilization of
doweling resistance.

Design Capacity of Construction Joints

Mattock [41] and Park and Pau1ay [50] have
tions based on shear friction theory. For shear
tock recommends taking the strength for reversed
tonic strength, that is:

developed design recommenda
transfer across cracks, Mat
loading as 80% of the mono-

v
u

(1)

where:

ep

shear transfer strength
area of shear friction reinforcement
crossing the joint
specified yield strength of reinforcement
coefficient of friction, taken as 1.0 for
concrete placed against hardened concrete
capacity reduction factor, taken as
0.85 for shear

Park and Pau1ay do not specify the
dicate that any beneficial effects from
struction joints should be reduced by
accelerations.

Experience From Wall Tests

reduction for cyclic loading, but in
axial compression forces across con
20% to account for possible upward

While shear transfer tests provide basic data for evaluation of construc
tion joint performance, they do not fully simulate stress conditions at a hor
izontal construction joint in a wall. In laterally loaded walls, moment re
versals applied to the wall can completely yield all reinforcement across the
joint. Therefore, it is useful to supplement shear transfer data with obser
vations made during tests of walls.
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Tests of isolated cantilever walls being conducted at the Portland Cement
Association [45] provide information on construction joints. The tests indi
cate that adequate performance will be realized if joints are made following
"standard practice". This practice includes roughening and cleaning the hard
ened surface to remove laitance and loose particles prior to placing fresh
concrete.

In the tests, slip across cracks at construction joint locations was no
larger than that across structural cracks at other locations. A representa
tive shear versus slip curve is shown in Fig. 6. Similarity to the curves in
Fig. 5 is clear. The presence of vertical compressive loads tends to reduce
the maximum slip for an equivalent shear and also reduces the amount of
"pinching" of the curves. Confined boundary elements also reduced slip at
construction joints.

Capacities of specimens subjected to shear stresses

(0.68 ~~ MFa) or larger were limited by web crushing prior to

of shear transfer at construction joints.

of 7 vT~ psi

any breakdown

TESTS OF COUPLING BEAMS

Coupling beams are used to join adjacent structural walls. During an
earthquake load is applied to the beams as the walls deflect laterally. The
resulting deformations can be quite severe, with repeated rotations well be
yond yield [40]. This is illustrated in Fig. 7 where the deformations in
volved are exaggerated. Investigations of coupling beam behavior require sim
ulation of these boundary conditions.

Observed Behavior.

One of the primary observations from coupling beam tests is the progres
sive decrease in stiffness and strength resulting from repeated inelastic re
versals of high shear forces [8,14,19,37,38,51,52,56,79]. Much of the experi
mental work carried out has been aimed at developing reinforcing details to
reduce decay of stiffness and strength.

Tests at University of Canterbury. Tests on relatively deep coupling
beams at the University of Canterbury [51,52,56] provide significant results.
Conventionally reinforced beams, with span-to-depth ratios less than 1.5,
failed in "sliding shear" under large shear reversals. This mechanism result
ed as intersecting cracks formed by load reversals led to a breakdown in shear
transfer across a vertical section at the intersection of the beam and wall.
Because the slip plane was perpendicular to the beam span, conventional web
reinforcement was not effective in controlling shear displacements. Shear
slip led to significant loss of stiffness under inelastic load reversals.

reinforce
acts much

performance
their theo
much larger

To prevent sliding shear Paulay and Binney [56] used diagonal
ment as illustrated in Fig. 8. With this arrangement the deep beam
as a Mesnager hinge. In the University of Canterbury tests, the
of the diagonally reinforced beams was excellent. They sustained
retical capacity over a greater number of load cycles and under
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Fig. 7 Deformed Shape of Coupled Wall System
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Fig. 8 Diagonal Reinforcement in Coupling Beam [56]

120

100

Percentage 80
ultimate
load 60

40

20

10 20 30 40 50 60 70 80 90 100 120

Cumulative displacement ductility
at load sustained

Fig. 9 Cumulative Displacement Ductilities for
Deep Coupling Beams [56]
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(a) Specimen with Conventional Reinforcement

Lood, kip.

1.2

(b) Specimen with Diagonal Reinforcement

Fig. 11 Load Versus Deflection Curves for Coupling Beams
with a Span-to-Depth Ratio of 2.5 [8]

(1.0 kip = 4.448 kN; 1.0 in. = 25.4 mm)
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ductilities than could be obtained by conventional reinforcement.
a comparision of the cumulative displacement ductilities obtained
tional and diagonally reinforced beams.

Figure 9 is
for conven-

at the Portland
slender coupling

Reversed loads
Eight pairs of

Tests at the Portland Cement Association. Recent tests
Cement Association ~l have extended Paulay's work to more
beams. Span-to-depth ratios for these tests are 2.5 and 5.0.
were applied through simulated wall segments shown in Fig. 10.
beams were tested.

moment

in Fig. 11.
conventionally

The maximum
and 11../t'

c
was de-

Load versus deflection curves for two specimens are shown
These beams had a span-to-depth ratio of 2.5. Specimen C5 was
reinforced while Specimen C6 was reinforced with diagonal bars.
shear stress developed was 7 VJf~ psi (0.6 ~c MFa) for Specimen C5

psi (0.9 ~ MFa) for Specimen C6. The shear reinforcement for C5c
signed to carry the entire shear based on the theoretical ultimate
capacity of the beam section.

Comparison of the load versus deflection curves indicates the improvement
in behavior obtained using diagonal reinforcement. For beams with span-to
depth rations of 5.0, the improvement was not as dramatic.· In addition, for
longer span beams gravity loads within the span take on greater importance.
These loads cannot be resisted efficiently using diagonal reinforcement.

The performance of the beams with diagonal reinforcement was limited by
buckling and subsequent fracture of the bars. At late stages in the test
severe spalling of concrete at the beam-wall intersection exposed the diagonal
steel within the structural wall. This region did not contain confinement
reinforcement to support the bars. To insure adequate performance, diagonal
bars must be "confined" to inhibit buckling.

Additional Tests. Several other investigators [14,19,37,38,79] have in
dicated the importance of the level of shear on the ability of beams to sus
tain repeated excursions into the inelastic range.

Although other reinforcement arrangements have been tested [14], at pres
ent only the Mesnager hinge arrangement for short coupling beams has practical
appeal.

An aspect of observed behavior not previously mentioned is that of rein
forcement anchorage. Several investigators [1,34,37,38] have shown that slip
of the main reinforcement anchored in the wall contributes significantly to
beam deflections during reversals. Anchorage of reinforcement is of paramount
importance in assuring satisfactory performance.

Design Recommendations

The following represents a summary of recommendations from the experimen
tal investigations considered.
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For structural members subjected to monotonic loads, present code re
quirements are adequate. However, for coupling beams designed to resist
repeated large shear reversals in extreme inelastic ranges of response, the
web reinforcement should be designed to carry the entire shear. Design shear
should be based on actual section capacities including strain hardening of the
reinforcement. Web reinforcement should be provided by closed hoops. Beam
reinforcement details should be designed to effectively confine and contain
the concrete within the core of the section. All longitudinal reinforcement
should be adequately anchored within adjoining walls.

be

for

that
could

Such
psi

In certain situations the proportions of the structure may be such
high shear stresses on the coupling beams cannot be avoided. This
occur, for example, when beam span-to-d~th ratios are less then 2.0.
stresses would be on the order of 7 vf' psi (0.6 vI' MPa) to 10 ~

c c c
(0.8 -r:f~ MPa). If repeated inelastic reversals at these stress levels must

resisted,diagonal reinforcement may be considered. Design recommendations
this arrangement are given elsewhere [50,54,56].

TESTS OF LOW-RISE ISOLATED WALLS

Isolated structural walls traditionally have been "classified" as low
rise or high-rise walls. A low-rise wall has been defined as having a height
to-horizontal length ratio of 1.0 or less [50]. This ratio, however, may not
be the best indicator since wall behavior also depends on loading conditions,
section geometry and section reinforcement. A more important design consider
ation for low-rise walls is that the shear capacity rather than flexural ca
pacity may govern.

Observations During Earthquakes

A survey of the 1968 Tokachioki earthquake damage to
has led to the results shown in Fig. 12 [69,73]. These
simple index for evaluating the likelihood of damage. For
veyed, it is evident that those having a larger wall area
floor area had less damage.

low-rise buildings
results provide a

the buildings sur
relative to their

Observed Behavior of Walls with Boundary Elements

A series of monotonic tests by Benjamin and Williams [9,10,11] was the
first significant investigation of structural walls in the United States.
Low-rise walls with column boundary elements were tested. For these tests the
initial stiffness of the walls was reasonably well predicted by elementary
strength of materials expressions for elastic flexural and shear deforma
tions. This finding applied to walls with openings as. well as solid walls.

At the Portland Cement Association, Barda [5,6,7] tested eight low-rise
walls with flange boundary elements. The test program was designed to deter
mine the effect of load reversals on shear strength.
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Fig. 12 Damage in Low-Rise Reinforced Concrete Buildings [69,73]
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c
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=
total floor area above level)
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Fig. 13 Test of Low-Rise Wall with Boundary Element [7]
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Principal variables included amount of flexural reinforcement, amount of
vertical wall reinforcement, and height-to-horizontal length ratio. Flexural
reinforcement was varied from 1.8 to 6.4% of the boundary element area; hori
zontal wall reinforcement and vertical wall reinforcement were varied from 0%
to 0.5% of the wall area; and height-to-horizontal length ratio was varied
from 0.25 to 1.0.

The test specimen and position of loading are shown in Fig.
were applied to the wall through the top slab. Maximum measured
responded to nominal shear stress from 8 vr~ psi (0.7 ~~ MPa) to
(1.3 ~~ MPa).

Principal findings were as follows:

13. Loads
forces cor-

16 vr~ psi

1. Shear strength of the test specimens was not affected by differ
ences in the amount of flexural reinforcement (vertical boundary
element reinforcement) as long as all bars were properly anchored
in the foundation. The design of these walls was such that verti
cal reinforcement in the boundary element did not yield.

2. Specimens subjected to load reversals had a shear strength about
10% less than similar specimens subjected to monotonic loading.

of 0.5 or
to shear

cracks and

3. For specimens with a height-to-horizontal length ratio
less, horizontal wall reinforcement did not contribute
strength. However, horizontal bars distributed the
reduced crack widths.

4. Vertical wall reinforcement was effective as shear reinforcement in
specimens with height-to-horizontal length ratios of 0.5 and 0.25.
It was less effective for a height-to-horizontal length ratio of
1.0. Vertical bars distributed the cracks and reduced crack widths.

5. Shear strength of a specimen with a
ratio of 1.0 was about 20% lower than
specimens with ratios of 0.5 and 0.25.

height-to-horizontal length
the strength of comparable

6. Load-carrying capacity beyond the maximum load depended primarily
on the ability of the boundary elements to act as a frame. Frame
action provided a mode of failure that was gradual.

Shiga, Shibata, and Takahashi [70] have tested low-rise
boundary elements. Their tests were similar to Barda's [7]
also provided for application of vertical loads. The walls
horizontal length ratio of 0.6. The results obtained from
comparable to those found by Barda. Both sets of tests
stiffness of the walls under repeated load reversals.

Observed Behavior of Rectangular Walls

walls with column
However, they

had a height-to
these tests were
indicate loss in

Relatively few reversing load tests of low
been reported. A series of seven tests on walls

rise
with

rectangular walls have
a height-to-horizontal



length ratio of 1.0 were carried out at the Portland Cement Association [20] •
This series included one wall subjected to load reversals. The strength of
the wall under load reversals was 93% of the monotonic strength. Maximum
loads on these walls corresponded to about 10.0 ~I psi (0.8 ~ MFa).

c c

Tests at the University of Canterbury [50] on rectangular walls with a
height-to-horizontal length ratio of 1.0 indicated that sliding shear may
limit capacity. For a wall with a flexural capacity corresponding to a shear
stress of about 5.6 ~~ psi (0.5 ~~ MFa), the full calculated flexural

strength was developed under reversals. The wall contained shear reinforce
ment greater than that required to develop the flexural capacity.

At McMaster University [2] the effects of axial loads on low-rise rectan
gular walls have been investigated. Results indicated that compressive axial
stress increases load capacity, reduces the rate of deterioration in stiff
ness, and reduces attainable ductility.

Design Recommendations

For walls with height-to-horizontal length ratios of 1.0 or less, Bar
da [6,7] recommends that the design shear capacity be calculated as:

1405

v
u

where:

v shear capacity of wall
~u capacity reduction factor, taken as 0.85 for shear
ff specified compressive strength of concrete, psi
h C height of wall
RW horizontal length of wall
NW axial force normal to cross section
hU wall thickness
p ratio of area of wall reinforcement to gross concrete area
f specified yield strength of reinforcement

y

The ratio is taken as the lesser of the value of the vertical
zontal wall reinforcement. The term f should not exceed 6.fI t

•
Y c

tion, the minimum ratio of vertical or horizontal wall reinforcement
0.0025.

or hori
In addi-

should be

In Fig. 14 strengths calculated using Eq. 2 (with ~ = 1.0) are compared
with measured strengths. Tests included are those from References [7] , [70] ,
and [20]. Only tests where shear was indicated as the mode of failure are
included. Calculated strengths provide a reasonable lower bound to those
measured.
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Fig. 14 Comparison of Calculated and Measured Strengths
of Low-Rise Walls (1000 psi = 6.895 MPa)



Based on the University of Canterbury tests on rectangular walls, Park
and Paulay [50] suggest:
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1. If ductile flexural wall behavior is desired maximum
stresses on the wall should not be greater than 6 ~~
MPa).

nominal shear
psi (0.5 ~

2. The entire shear force should be resisted by the web reinforcement.

While these suggestions could lead to larger attainable ductilities under
reversing loads, such ductilities may not be demanded for low-rise walls. In
many situations low-rise walls can be designed to respond "elastically" to
earthquake forces. Repeated inelastic load reversals may not be necessary or
required.

TESTS OF HIGH-RISE ISOLATED WALLS

Observations following recent earthquakes have indicated that properly
designed structural walls used as lateral bracing in multistory buildings can
significantly improve performance. However, there is considerable debate over
design provisions for walls. This has resulted in part because of the lack of
experimental information on strength and deformation capabilities. As men
tioned previously, tests of high-rise structural walls for seismic loadings
have been started in the United States only within the past few years. One
objective of these investigations has been to find reinforcing details that
will provide ductility and energy dissipation capacity as well as strength.
In addition, tests on isolated walls have been conducted to determine hyster
etic behavior so that better analytical procedures for determining dynamic
response can be developed.

Observed Behavior-Monotonic Tests

A series of tests at Stanford [9,10,11] along with tests started in
at the Portland Cement Association [20,21] formed the basis for current
American code provisions for structural walls. Virtually all of these
monotonic tests on rectangular isolated walls.

1967
North

were

The test setup for tests at the Portland Cement Association is shown in
Fig. 15. Walls were tested as horizontal cantilever beams. The setup
included provisions for applying compressive axial load. Specimens had a
thickness of 3 in. (76 mm) and a horizontal length of 6.25 ft (1.90 m). The
height of the specimen was either 21 ft (6.40 m), 12 ft (3.66 m), or 6.25 ft
(1.90 m).

These tests indicated that the strength of a tall rectangular wall sub
jected to monotonic loading is generally governed by flexure rather than
shear. The flexural capacity of high rise walls can be predicted by methods
used for ordinary reinforced concrete beams. Shear capacity of the walls was
adequately predicted by 1971 ACI Building Code provisions.
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Fig. 15 Test Setup for Monotonic Test of Wall [20]

Fig. 16 Isolated Wall Test Setup [45]



Influence of the amount and distribution of vertical reinforcement on the
deformation characteristics of walls was determined in these tests. Concen
tration of vertical reinforcement near the ends of the walls resulted in a
higher moment capacity and a greater ultimate curvature.

Axial compression on the walls increased the moment capacity, but reduced
the ultimate curvature.

1409

While these tests were a significant advancement
one of the specimens was subjected to load reversals.
ior of the walls could not be evaluated completely.

Observed Behavior - Reversing Load Tests

of our knowledge, only
Thus, hysteretic behav-

Major programs for evaluation of the behavior of structural walls under
static reversing loads are in progreSs at the University of California, Ber
keley [15,16,17,63] and the Portland Cement Association [24,25,26,44,45] A
primary objective of these programs is the development of design criteria for
structural wall systems. To meet this objective both programs have included
tests of isolated walls.

Tests at the Portland Cement Association The large test specimen being
used at the Portland Cement Association is shown in Fig. 16. Height of each
wall is 15 ft (4.57 m). Horizontal length of the wall is 6 ft 3 in. (1.91 m)
and its thickness is 4 in. (102 mm). Walls are subjected to reversing in
plane loads applied through the top slab. The base block is clamped to the
test floor.

The test program is a partial parametric study with the specimen repre
senting a basic element of a structural wall system. Controlled variables
have included shape of the wall cross section, amount of main flexural rein
forcement, amount of hoop reinforcement around the main flexural reinforce
ment, amount .of horizontal shear reinforcement, load history, and axial com
pressive load. The amount of main vertical flexural reinforcement controls
the moment capacity of the wall and, thus, the intensity of shear applied to
the wall. To date, 13 walls have been constructed and tested. Two of these
walls have been repaired and retested.

In proportioning the walls, the design moment was calculated following
1971 ACI Building Code provisions [45], neglecting strain hardening of the
reinforcement. In most specimens shear reinforcement was provided so that the
calculated design moment would be developed. In one of the walls, shear rein
forcement was provided to carry the total shear based on the full calculated
moment capacity rather than the design moment capacity.

Figure 17 shows that in all cases the measured capacity of the walls ex
ceeded the design capacity. The design strength plotted is the lesser of the
flexure or shear strength with the capacity reduction factor 0 = 1.0.

The capacity of walls subjected to low shear stress,

(0.3 ~ MPa) was limited by alternate tensile yielding and

Vmax < 3 ~ psi

compressive buck-
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(b) Specimen with Maximum Nominal Shear Stress
Vmax 8.5.JT; psi (0.7 vr;. MFa)

Fig. 18 Load Versus Deflection Curves for Isolated Wall
Specimens [45] (1 in. = 25.4 mm; 1 kip = 4.448 kN)
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ling of the main vertical reinforcement. This buckling was accompanied by
loss of concrete not contained by the reinforcement. Buckling of the vertical
steel was followed, after several cycles, by bar fracture. One or two bars
fractured at a time, with a corresponding decrease in load. Confinement hoops
around the main vertical reinforcement delayed bar buckling and contained the
core concrete.

In one rectangular wall with low shear stress, large
placements of the compression zone of the wall were observed
was cycled in the inelastic range.

out-of-plane dis
as the specimen

The capacity of walls that developed

(0.6 ~c MPa) was limited by web crushing.

high shear stress, > 7 K~

The reversed loading resulted in

psi

a

system of inclined cracks that crisscrossed the web forming relatively symmet
rical compression strut systems for each direction of loading. The web crush
ing that occurred was associated with progressive deterioration of the strut
during the load reversals. Loss of load capacity at web crushing was usually
sudden.

A measure of the hysteretic behavior of isolated walls is given in Fig.
18. This figure shows measured load versus deflection relationships for two
of the test walls. The specimen with low nominal shear stress sustained a
greater number of load cycles at higher deflections. Pinching of the loops is
evident for both walls.

The relationship between specimen strength and ductility as observed in
the Portland Cement Association tests is illustrated in Fig. 19. Deflection
ductility is the maximum stable deflection at the top of the wall divided by
the full yield deflection. For this comparison, selection of the definition
of ductility was arbitrary. Since the walls were subjected to similar load
histories, the ductility measure chosen provides a basis for comparison of
inelastic response. This definition should be kept in mind if the results are
extrapolated for other uses [12,62].

Figure 19 shows that for higher levels of
As mentioned previously the failure mode for
(0.7 ~ MPa) was web crushing.

shear, ductility is reduced.
walls with shears> 7 ~~ psi

One of the problems in interpretation of measured ductilities is that
insufficient information exists on ductility demands. This makes it difficult
to evaluate the "goodness" of a test result. For example, experiments show
"pinched" hysteresis loops, but there is no absolute measure of how much
pinching can be tolerated.

Tests at the University of California. The University of California [15,
16,17,63] has developed an experimental facility to simulate the loading and
boundary conditions on the bottom three stories of a prototype structure. The
test facility is illustrated in Fig. 20. The loading system is synchronized
to ~multaneously apply shear, overturning and axial forces.
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Fig. 20 Structural Wall Test Facility [17]
(1.0 in. = 25.4 rom)

EDGE MEMBERS
ACTING AS

SHORT COLUMNS
OF lsi STORY

FRAME

Fig. 21 Observed Mode of Failure [17]
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Four tests have been carried out on 1/3-scale walls with column boundary
elements. The walls are 4-in (102-mm) thick and have a horizontal length of 7
ft (2.13m). Two walls were tested with spiral reinforcement in the boundary
elements while the other two had closely spaced square ties. In addition to
column confinement, the primary variable was the applied load history.

The tests ended with web crushing at levels of shear corresponding to
about 11 ~, psi (0.9 v'fi MPa). This behavior, illustrated in Fig. 21, is

c c
similar to that observed in the PCA tests [45] of walls subjected to rela
tively high shear stress.

The hysteretic behavior of the walls tested at the University of Califor
nia is shown in Fig. 22. Dependence of the ductility on load history is par
ticularly evident in these curves. However, load history did not affect the
yield strength or the maximum strength. The different types of confinement of
the vertial boundary element reinforcement had no significant effect on over
all response.

Both the University of California [17] and the Portland Cement Associa
tion [45] tests have shown that shearing distortions are a major component of
lateral displacements.

Design Recommendations

The following is based on the tests reviewed:

1. Strengths of the test specimens exceeded present code design
strengths for flexure and shear. However, the designer must be
aware that present provisions underestimate flexural capacity
because strain hardening of the reinforcement is neglected. For
inertia loadings, shear forces developed are related to actual
flexural capacity not the design flexural capacity. Thus~
level of shear can be significantly higher than anticipated.

2. Structural walls capable of developing large
designed for reversing loads corresponding to
high as 10 ~ psi (0.8 ~ MPa).

ductilities can
shear stresses

be
as

3. The maximum level of shear stress that can be developed in a wall
may be limited by web crushing capacity. Addition of horizontal
shear reinforcement beyond present code provisions does not signif
icantly improve strength for this mode of failure.

elements within
behavior. It

use of spi-

boundary
inelastic

between the

Use of confinement reinforcement in the
the hinging region significantly improves
appears that there is no major difference
rals or closely spaced rectangular hoops.

4,

5. Stiff boundary elements help to limit shear distortions and con
struction joint slip.



1417

Fig. 23 Coupled Wall Test Specimens [59]
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Fig. 24 Comparison of Cumulative Ductilities
of the Coupled Walls [59]
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TESTS OF COUPLED WALL SYSTEMS

Only a few tests on coupled wall systems have been reported. These
include reversing load tests at the University of Canterbury [55,59,60,66,67]
and earthquake simulator tests at the University of Illinois [4,74].

Observed Behavior - Static Tests

Tests carried out at the University of Canterbury were designed to con
firm anticipated performance of diagonally reinforced deep coupling beams in
coupled walls [59,60]. In the basic design, the coupled systems were to util
ize the coupling beams to dissipate as much of the input energy as possible.
Thus, the walls were designed so that yielding at the base of the wall could
occur only after all beams had yielded.

Test specimen details are shown in Fig. 23. The specimens were 1/4-scale
models of a seven-story coupled wall. The only difference between the models
was the coupling beam reinforcement. Coupling beams in Wall A had "conven
tional" reinforcement while those in Wall B had diagonal reinforcement.

Beams with conventional reinforcement developed sliding shear failures
after several cycles of reversed loading in the inelastic range. The diago
n~lly reinforced beams did not deteriorate under similar loadings.

Overall performance of the specimens based on stiffness degradation, duc
tility, and energy dissipation was better for the walls coupled by diagonally
reinforced beams. This is illustrated by the comparison of cumulative ductil
ities in Fig. 24.

Observed Behavior - Dynamic Tests

Dynamic tests at the University of Illinois [4,74] on small-scale walls
shown in Fig. 25 have led to the following observations.

The natural frequencies were progressively reduced as the models were
subjected to a series of test runs of increasing intensity. Consequently the
dynamic response of the structures was related to the reduced stiffness rather
than the initial stiffness.

Design of the models was such as to limit yielding to the coupling
for a particular intensity of motion. Observed responses indicated that
design .concept was realized.

TESTS OF FRAME-WALL SYSTEMS

beams
this

As was the case for coupled walls, there are very few tests of frame-wall
systems. Again, static reversing load tests have been carried out at the Uni
versity of Canterbury [61] and earthquake simulator tests have been carried
out at the Universi~y of Illinois [47,48,49].
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Observed Behavior - Static Tests

Two frame-wall tests at the University
the coupled wall tests in that the primary
Figure 26 shows the test specimen.

of Canterbury [61] were similar to
variable was beam reinforcement.
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The tests showed that sliding shear developed in the plastic hinges of
the beams near the wall in the conventionally reinforced beams. This did not
occur in the specimen with beams having special diagonal reinforcement.

Observed Behavior - Dynamic Tests

Small-scale models tested on the earthquake simulator at the University
of Illinois [47,48,49] showed that test structures carefully designed to pre
vent shear or anchorage failures can withstand a series of intense base mo
tions without collapse.

Coupling of a structural wall to
al displacements. This was true even
at the base of the wall. Wall damage
at the base of the wall when concrete
age occurred at the base of the wall.
Fig. 27.

a frame was effective in reducing later
after the development of flexural damage
resulted as wide flexural cracks formed
crushed. Eventually, sliding shear dam-
A specimen after testing is shown in

RECOMMENDATIONS FOR FUTURE RESEARCH

Within the past ten years significant effort has
work on structural walls. Much basic information on
systems is now available. However, there are a number
tional effort is needed.

gone
the
of

into experimental
behavior of these
areas where addi-

1. Perhaps the most pressing need for research is in the correlation
of analytical and experimental results. In particular, most exper
imental effort is directed toward developing reinforcement details
to give beams and walls more ductility, less stiffness loss, and
more energy dissipation. However, little is known about how much
is enough. Effort should be expended to relate attainable ductil
ity to demanded ductility.

2. Additional experimental data on the response of coupled wall
systems and frame-wall systems must be developed.

3. Experimental data on the effects of openings on the behavior of
walls must be developed.

4. Experimental data on use of lightweight aggregate in earthquake
resistant buildings with structural walls is needed.

5. Tests have indicated that after a number of large inelastic load
reversals it is possible to encounter stability problems in the
compression zone within the hinging region of a rectangular wall.



1422

Floor slabs may not provide adequate lateral support
"softened" wall may displace laterally between floors.
this area is needed.

because the
Research in

6. Confinement of vertical reinforcement within the boundary elements
of walls has been shown to be of significant benefit. Much of the
design information developed for this type of reinforcement is from
tests intended to determine needed information on limiting concrete
strains. A primary benefit of confinement in walls, however, is to
limit bar buckling and to contain concrete under load reversals.
Additional research should be initiated to develop effective con
finement details and design criteria for conditions encountered in
wall boundary elements.

7. Most tests of isolated walls have been on specimens
either to very low or very high nominal shear stresses.
tion on the mid-shear range needs to be developed. This
in the range from 6 .Jf. psi <0.5,jfi MPa) to 8../f'c psi
MPa). c c

subjected
Informa

would be
<0.7 $'

c

8. Requirements for detailing of reinforcement should be reviewed with
the goal of developing effective and economical detailing prac
tices. In particular, information on the use of tension lap
splices in earthquake resistant structures is needed.
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INTRODUCTION
Post-earthquake damage investigations over the past 25 years have provided
valuable lessons on the importance of detailing. For severe earthquake load
ing it is inevitable that neglected details lead to major problems. The de
signer must be aware of the importance of proper detailing for seismic resis
tance. In addition, the contractor must be aware of the importance of proper
construction practices so that the structure is built according to the design.

This paper gives examples of detailing practices related to
struction of reinforced concrete structural wall systems.
primarily on experience gained in laboratory tests. They are
findings from post-earthquake damage investigations.

design and con
These are based

supplemented by

The areas covered include confinement reinforcement in vertical boundary ele
ments and anchorage of horizontal wall reinforcement.

CONFINEMENT REINFORCEMENT IN VERTICAL BOUNDARY ELEMENTS

Figure I illustrates several wall cross sections encountered in buildings.
Each of these configurations can be designed with vertical boundary elements.
For box-sections, flanged, and intersecting walls, the boundary element may be
located at intersections. Barbell walls have column boundary elements at each
end. For rectangular walls, the boundary element may be concealed within the
thickness of the wall.

To perform effectively during severe earthquakes, vertical reinforcement in
boundary elements must be confined by properly detailed transverse reinforce
ment. Transverse confinement reinforcement serves four primary functions:

1. It increases limiting strain capacity of the concrete core;
2. It supports vertical reinforcement against inelastic buckling;
3. Along with the vertical bars, it forms a "basket" to contain concrete

within the core;
4. It increases the shear capacity and stiffness of the boundary ele

ments.
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Fig, 1 Structural Wall Cross Section
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Confinement to Increase Limiting Concrete Strains

The effectiveness of rectangular hoops as confinement reinforcement to in
crease compressive strain capacity of concrete has been investigated in tests
of relatively large scale elements. 5 Rectangular hoop reinforcement meet
ing or exceeding the confinement requirements of Appendix A of the 1971 ACI
Building Code 3 extended the limiting concrete strain beyond 0.015. This is
considerably greater than the value of 0.003 for plain concrete.

A summary of results is shown in Fig. 2. The observed limiting strains, E
U

'

are plotted as a function of the product the volumetric hoop reinforcement
ratio, p , and the yield strength, f , of the transverse reinforcement. The
curve re~resents a lower bound to th~ test results. All arrangements of rec
tangular hoops were effective in increasing limiting concrete strains.

Reversing load tests of isolated structural walls [7) have also indicated that
confinement reinforcement provided in accordance with the 1971 ACI Building
Code, D) or the 1976 Uniform Building Code [9) is adequate to maintain the
compressive strength of boundary elements under large rotational strains.

Design of confinement reinforcement according to a limiting strain criteria is
not always necessary for structural walls. In many cases, the geometry of
walls is such that they are considerably under-reinforced in flexure. There
fore, fracture of reinforcement in tension rather than concrete in compression
is the limiting criteria. However, confinement is necessary for support of
vertical reinforcement and containment of concrete in the compression zone.

Confinement to Support Vertical Reinforcement and Contain
Concrete Core

The functions of transverse reinforcement to restrain
inelastic buckling and to contain the concrete core are
tance. Comparison of two tests of isolated structural
trates this function.

vertical bars
of considerable
walls clearly

against
impor
illus-

The isolated walls tested were approximately 1/3-scale models of full-size
walls. bJ Nominal dimensions of the specimens are given in Fig. 3(a). Each
specimen was tested as a vertical cantilever with reversing loads applied
through the top slab. The test set-up is shown in Fig. 3(b).

Reinforcement details for two of the specimens, Bl and B3, are shown in Figs.
4 and 5, respectively. These walls had barbell cross sections with vertical
reinforcement in the boundary elements corresponding to 1.1% of the column
areas. The walls were nominally identical except for the transverse rein
forcement in the boundary elements.

Specimen Bl, the unconfined wall, contained ordinary column
according to Section 7.12 of the 1971 ACI Building Code. D)
tie spacing was 8 in. (203 mm), corresponding to 16 vertical bar

ties designed
The resulting
diameters.

Specimen B3, the confined wall, had special transverse reinforcement designed
according to Section A.6.4 of the 1971 Building Code. bJ This confinement
was placed at a spacing of 1.33 in. (34 mm) over the first 6 ft (1.83 mm) of
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Fig. 4 Reinforcement for Specimen Bl

Fig. 5 Reinforcement for Specimen B3



the wall. Ordinary column ties were used over the rema1n1ng height of the
wall. Confinement reinforcement spacing corresponded to 2.7 vertical bar
diameters.

The hysteretic response of Specimens Bl and B3 is illustrated in the load ver
sus top deflection relationships in Figs. 6 and 7. The maximum loads sus
tained by these walls corresponded to a nominal shear stress of [3]~' psi
(0.3 ..[f' MFa). c

c

Deterioration in strength and stiffness of Specimen Bl was caused by damage to
the boundary elements by alternate tensile and compressive yielding. This led
to buckling of the main vertical reinforcement. Because of the reversing in
elastic loads, buckling of vertical reinforcement was more critical than it
would be for monotonic loading. In addition, shear distortions resulted in
relatively large eccentricities in the compressive force on each bar. Buck
ling was accompanied by loss of concrete not contained by the vertical and
transverse reinforcement when the boundary element was in tension. A photo
graph of the buckled reinforcement is shown in Fig. 8.

The confinement hoops in Specimen B3 did not significantly increase the
strength or maximum rotation as compared to Specimen Bl. However, the hoops
maintained the integrity of the boundary elements by delaying bar buckling and
containing the concrete core. Photographs of the two walls at the same load
increment in Figs. 9 and 10 clearly show the effectiveness of the confine
ment. For equivalent levels of load, the confined wall suffered less damage
and thus could have been reparied more easily.

The development of criteria for transverse reinforcement as a function of in
elastic buckling of vertical reinforcement requires additional investigation.
For example, Bresler and Gilbert [2] have considered tie requirements for
columns subjected to monotonic compression. However, no work has been done on
the effects of reversing stresses in the inelastic range.

Confinement to Provide Shear Capacity

1435

Transverse hoop reinforcement in vertical boundary elements improves
capacity and stiffness. This function was also observed in the tests of
lated walls described previously.

shear
iso-

Two specimens, B2 and B5, were constructed with nominally identical reinforce
ment except for the transverse confinement. Both walls had barbell cross sec
tions with vertical reinforcement in the boundary elements of about 3.7% of
the column area. Photographs of the reinforcement are shown in Figs. 11 and
12.

The unconfined wall, Specimen B2, had ordinary column ties at a spacing of 8
in. (203 mm) or 10.7 bar diameters. The confined wall, B5, had hoops spaced
at 1.33 in. (34 mm) or 1.8 bar diameters over the first 6 ft (1.83 m) of the
wall. Ordinary column ties were used over the remaining height of the wall.

Load versus top deflection relationships for the two specimens are given in
Figs. 13 and 14. The capacity of both walls was limited by web crushing.
Specimen B2 reached a capacity corresponding to a nominal shear stress of
7.2..[f' psi (0.60 ..[f"MFa). Specimen B5 reached 8.8 ,If' psi (0.73 .Jf' MFa).

c c c c
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Fig. 11 Reinforcement for Specimen B2

Fig. 12 Reinforcement for Specimen B5
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In Specimen B2, without confinement, the boundary elements deteriorated prior
to web crushing. Several bars buckled and concrete was lost from the core of
the columns as loads were reversed. In the last load cycle, the boundary ele
ments were badly damaged near the base as shown in Fig. 15. Subsequently, web
crushing occurred and the column was destroyed. Specimen B2 after web crush
ing is shown in Fig. 16.

In Specimen B5, confinement hoops prevented bar buckling and loss
from the core of the boundary elements. They also reinforced
elements for shear as can be seen in Fig. 17. Because of the
Specimen B5 could be repaired simply by replacing the damaged web

of concrete
the boundary
confinement,

concrete.

Comparison of observed deformations in Specimens B2 with those of B5 indicated
that confinement reinforcement decreased shear distortions for equivalent hor
izontal deflections. The improvement in shear stiffness was attributed to the
confined boundary elements acting as stiff dowels.

Although only the lower 6 ft (1.83 m) of the boundary elements were confined,
the primary zone of damage did not extend above this level. Strain gage data
indicated that the only hoops stressed significantly were in the lower 3 ft
(0.9lm).

Confinement in Specimens B3 and B5 was provided by rectangular hoops. No
spiral reinforcement was used. Tests at the University of California, Berk
eley ll], indicate that, for vertical boundary elements of structural walls,
closely 'spaced ties were as effective as spirals.

The benefits of transverse reinforcement for supporting
ment, containing concrete, and improving shear resistance
lustrated under "field conditions". Figure 18 shows
columns in the grount story of the same building taken
Fernando earthquake. The effects of confinement provided
forcement are apparent.

Recommended Details

vertical reinforce
have also been il

photographs of two
after the 1971 San
by the spiral rein-

Recommended Details of confinement reinforcement for columns of ductile
resisting frames are shown in Fig. 19. The detail shown for the square
was used for isolated wall Specimen B3 shown in Figs. 5 and 7.

moment
column

The use of supplementary cross ties with 1800 hooks at each end caused numerous
construction problems. Hoops and cross ties had to be fabricated as a unit
that was then slipped over the vertical reinforcement. To alleviate this
assembly problem, the supplementary crossties for Specimen B5 were detailed
with one 1350 hook and one 900 hook as shown in Fig. 14. This arrangement
permitted placement of cross ties after the hoops were in place. The crossties
were alternated end for end as construction progressed up the wall. Also,
cross ties parallel to the plane of the web were not provided at levels where
the horizontal web reinforcement was anchored into the columns.

Reinforcement for Specimen B5 performed well, consequently it appears suitable
for use as boundary element confinement.



Fig. 15 Specimen B2 Immediately Prior to Web Crushing
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Fig. 16 Specimen B2 After Web Crushing

Fig. 17 Specimen B5 After Web Crushing
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Based on observations from the isolated wall tests, a tension splice detail
such as that shown for the rectangular column in Fig. 19 should not be used
for vertical boundary elements in this hinging region. Because of severe
cracking that can develop in the boundary elements under inelastic load rever
sals, it is likely that tension splices in the cross ties would not be effec
tive. This is particularly important if a spliced supplementary tie parallel
to web of the wall is considered for shear resistance. Lap spliced cross ties
are not recommended for use in structural wall boundary elements within a
hinging region.

Not all walls have column boundary elements. For rectangular walls
intersecting or flanged walls other details are required. Figures 20
show examples of confinement details that can be used to build in
elements.

ANCHORAGE OF HORIZONTAL WALL REINFORCEMENT

and for
and 21

boundary

Current code provisions permit horizontal reinforcement in the web of the wall
to extend staight into the vertical boundary element. No hook is required on
the end of horizontal bars. This type of horizontal reinforcement anchorage
is shown in Fig. 22.

Reversing load tests of isolated walls indicate that straight bars may not
provide adequate anchorage. The crack pattern developed in an isolated wall
test specimen is shown in Fig. 23. Horizontal cracks in the tension boundary
element propogate into diagonal web cracks. The horizontal cracks usually
form at the levels of the horizontal bars because these bars form a weak plane
against tension in the column. If the horizontal web reinforcement had been
anchored into the column without an end hook, it is doubtful that it would
have been as effective in resisting the shear forces. This is indicated by
the observation that the hooks tended to open at later stages in the tests.

Within hinging regions of structural walls, it is recommended that horizontal
web reinforcement be extended across the boundary element and terminated with
a standard 900 bend. This was done for Specimen B3 shown in Fig. 7.

For walls subjected to levels of shear corresponding to 8vfc psi (0.66vfc MPa)
to lOvfc psi (0.83vfc MPa), consideration should be given to the detail used
for Specimen B5 shown in Fig. 14. With this detail, the wall reinforcement is
anchored with either a 900 or a 1350 hook. These are alternated end for end
over the height of the wall.

As an alternative to the details given above, it appears that the horizontal
bars could be terminated in the core of the boundary element with 900 bends in
a vertical plane. However, the horizontal bar could not be considered to act
as a supplementary cross tie if this detail is used.

RECOMMENDATIONS FOR RESEARCH

1. Provisions for confinement reinforcement in the 1971 ACI Building Code [3,
4] and the 1976 UBC Building Code [8,9] are based on criteria primarily
related to increasing the strain capacity of the concrete and retaining
the compressive strength of the core. The volume of required hoop
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Fig. 20 Confined boundary Element Concealed in Rectangular Wall
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Fig. 21 Confined Boundary Element Concealed at Intersection of Walls
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Fig. 23 Crack Pattern for Specimen B5
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reinforcement was devised to provide the same average compressive stress
in the rectangular core as would exist in the core of an equivalent circu
lar spiral compression member. Research should be carried out to deter
mine design criteria for required hoop size and spacing to delay inelastic
bar buckling and to contain the concrete core.

2. Criteria for confinement reinforcement based on a limiting concrete strain
can be important for walls with boundary elements having a high percentage
of vertical reinforcement. Research is needed to determine the adequacy
of confinement details for walls with a maximum six percent vertical rein
forcement in the boundary elements.

3. Current codes require transverse confinement reinforcement over the full
height of the vertical boundary element for structural walls under certain
conditions. This provision should be investigated both analytically and
experimentally. Tests of isolated cantilever walls indicate that confine
ment is only needed within the hinging region of the wall. If first mode
effects dominate response, significant savings in reinforcement could
result.

4. Research is needed on practical reinforcement details, especially for con
finement reinforcement. Tests should be carried out to develop simple,
economical and effective details. In addition, field trials should be
made.

5. Tests of reinforcement splices for earthquake resistant construction are
needed. Specifically, little information exists on the reliability of lap
splices under severe seismic loading.
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coupling beams, formed between window or
door openings, are often deep relative to their
span. Because of this a relatively small amount
of flexural reinforcement, usually arranged as
shown in Fig. 9, will generate large shear for
ces that may dominate the behaviour of such
beams. Typically the Vud/Mu ratio, a parameter
commonly used in the evaluation of shear strength
[3], is equal to or less than unity.

The response of coupled shear walls to recent
earthquakes demonstrated clearly that the conven
tional approach to the design of such beams will
result in brittle diagonal tension failures (Fig.2).

The first task of the designer is clearly to
suppress a shear failure. However, even with web
reinforcement resisting the entire shear that may
be imposed on such beams, adequate ductility may
not be assured. Because of the relative dimen
sions of such beams and the possible dominance of
shear stresses, significant interaction between
shear and flexure, traditionally disregarded in
the routine design process, may be present. The
subsequent sections briefly summarise the findings
of a research programme with respect to the beha
viour and design of coupling beams, undertaken at
the University of Canterbury.
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Fig. 2 Coupling beams of a
14-storey building that
failed during the 1964
Alaska earthquake14J

Coupled shear walls of multistorey reinforced concrete buildings, when
suitably placed, can offer particularly advantageous resistance against earth
quake attack. Their stiffness will minimise damage during moderate disturbances.
To meet the demands of very large earthquake excitations, suitably detailed
coupled shear walls can be expected to be ductile enough to assure survival
without collapse (1]. The major source of energy dissipation should be the
coupling system because this will give some protection to the walls, which are
more difficult to repair and in which large curvature ductilities may be diffi
cult to develop without generating large compression strains in confined concrete.

Theoretical [1,2] and experimental studies
indicated that very large ductilities may need
to be developed in coupling beams if a substan
tial overall displacement ductility for the
entire structure is to be assured. This becomes
evident from the deformations that laterally
loaded walls, such as shown in Fig. 1, will
impose on such beams.

Fig. 1 Deformations in beams
of coupled shear walls
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Conventionally Reinforced Coupling Beams

(1)

Fig. 4c shows a free body bound by
a typical diagonal crack and this enables
the following simple expression to be
written to give the variation of the
flexural tensile force, as a function of
the distance, x, from the built in support
thus:

Flexural behaviour-- As Fig. 3 shows,
diagonal cracks dominate the behaviour. They
considerably affect the distribution of steel
stresses and hence the deformation of the
member.

When stirrups are provided in accordance
with current code provisions [3], whereby
some of the shear is assumed to be resisted
by mechanism other than web reinforcement,

failure will result along the principal diagonal,
forces may be evaluated with the aid of the

model shown in Fig. 4 where T is the
force in the flexural reinforcement, Dl ,
D2 are dowel shear forces, s is a stirrups
force, P is the total shear to be trans
ferred by the beam, g represents aggregate
interlock stresses and Ps is the equivalent
stirrup force per unit length.

Fig. 4 Diagonal tension failure
mechanism and internal
forces in a coupling beam
beam.

Conventional reinforcement in coupling beams normally consists of top
and bottom flexural bars that are carried through the beams without splices

or curtailment and are well anchored into
adjacent walls. Because of the great depth
some nominal intermediate horizontal bars
would also be used for better crack control.
Shear resistance would be provided by stirrups
as shown in Fig. 9.

Fig. 3 Crack pattern in a
conventionally re
inforced coupling
beam subjected to
monotonic loading.

It is evident that the steel force
does not vary linearly with the imposed
bending moments. When in Beam 311, shown
in Fig. 3, the stirrups resisted 74% of
the applied shear, the measured tensile
forces were as shown in Fig. 5. The smooth
curve shows the theoretical prediction of
Eq. (1). Some consideration was also given
to the likely contribution of dowel action,

-Bottom Steel

~ 100 ":~, ~:--

~ 50 (§)~,,~,,!;~~I~~I ' "
~ IBEAM 3111'-.... 'Q,.......

t ll",~::lli= 74"" rop Steel
:;; 0 p 118.0 . .. I

Fig. 5 Theoretical and observed
tension force distribut
ion along flexural rein
forcement

where n = Vs/P is the ratio of the contribution of the stirrup reinforcement
to shear resistance, V

S
' and the total transverse load P. In this equation

the contribution of the dowel forces has
._?o'.:-_ ~ been neglected.
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but as seen in Fig. 5, this was found to be insignificant.

Certain conclusions may be drawn from this finding:

1. For coupling beams with a small aspect ratio, the flexural reinforce
ment can be expected to be in tension over the entire span of the beam. A low
stress area in the vicinity of zero bending, at midspan, does not exist and
this should be noted when it is intended to splice bars near the point of
contraflexure.

2. The design or analysis of the critical support sections can not be
based on the customary assumptions of doubly reinforced concrete beams. Both
the top and bottom reinforcement are in tension after diagonal cracking. For
this reason the beneficial effect of the compression reinforcement upon duct
ility is not available.

3. The unconventional distribution of the internal forces suggests that
a different approach to the assessment of distortions and stiffness character
istics of coupling beams is warranted.

4. In spite of the high intensity of shearing forces, the flexural bond
stresses are not likely to be critical because the rate of change of the in
ternal tension is considerably less than that of the bending moment.

5. Because the flexural reinforcement is in tension over the entire clear
span the length of the beam increases with the load.

Fig. 6 shows the location of
the internal forces in a coupling
beam, as determined from steel
strain measurements, at various
levels of load intensities. (The
circled figures give the ratio of

flexural failure load.)

-- 20'(508)

I Axis of top Steel J

<'fJ'(508)

r~-
-+
I

the applied load to the theoretical

6. Because both the top and the bottom flexural bars are in tension, the
internal tension resultant will be located between the levels of the top and

bottom reinforcement. Fig. 5
indicates that the maximum total
tension will occur near midspan at
the region of zero moment. Con
sequently at this point the intern
al lever arm, z, must be zero. This
suggests that such beams attempt to
resist the variable moments along
the span by means of near constant
internal forces T ; C operating on
a variable internal lever arm, z.

I I
i .j;--++ L-=::....:.:-===------..< ---l

+
Fig. 6 The location of the internal

stress resultant in a coupling
beam at different stages of
the loading.

It is also seen that the internal lever arm at the critical section is
considerably smaller than what one would obtain from conventional flexural
analysis of those sections. It is not surprising therefore, that the
theoretical flexural capacity of-deep coupling beams could not be attained.

Behaviour in shear-- The basis of the design of shear reinforcement in



reinforced concrete beams is the traditional assumption that diagonal cracks
form at 45° and that stirrups crossing these cracks are capable of resisting
that fraction of the transverse force which is not resisted by the concrete.
The shear allocated to the concrete is transferred through the compression
zone of the beam, through dowel action of the flexural reinforcement and by
means of aggregate interlocking across cracks [2]. In beams with small shear
span to depth ratio a considerable portion of the transverse force may be
resisted, after diagonal cracking, by arch action.

These concepts of shear resistance need to be modified when applied to
coupling beams, such as shown in Fig. 3. The crack pattern indicates that
the stirrups form part of a truss, the compression members of which radiate
from the compression corners of the beam. The analogous truss so formed is
highly indeterminate. From considerations of strain compatibility and the
distribution of bond forces it is evident that in the elastic range the
stirrup stresses along the beam can not be uniform. The most highly stressed
stirrups are situated near the center of the beam. This is also evident
when the deformations of the two triangular halves of the beam, shown in Fig.
4b, are compared. Numerous strain measurements along several points of a
number of stirrups substantiated this behaviour.

with increasing load and consequent yielding of the stirrups at the
center portion of the beam, the contribution of the aggregate interlock forces
is diminishing. This situation is shown in Fig. 4a. Ultimately, only the
stirrup and the dowel forces contribute towards shear resistance. However,
the dowel displacements and the discontinuity of the flexural reinforcement
at the corners, shown in detail in Fig. 4b, contribute towards the destruction
of the compression area of the beam.

Note that; in spite of the small span to depth ratio, no arch action can
develop in such beams after the yielding of the web reinforcement, because
the reactive shear forces at the boundaries are applied over the full depth
and not in concentrated form at the top and bottom surface of the beam.

To prevent a separation failure along a main diagonal, i.e. a diagonal
tension failure, it is essential that the shear be transferred entirely by
by web reinforcement and that no reliance be placed on other mechanisms which
might assist in shear resistance.

The effect of cracking on stiffness-- The effect of cracking in reducing
the stiffness of structural members is well recognised, even though it is
seldom allowed for in routine design calculations. In elastic analyses
leading to the evaluation of actions,usually relative stiffnesses will suffice.
Since the effect of cracking is of the same order in beams and columns of
moment resisting frames, relative stiffnesses will not be affected signific
antly.

In shear wall structures much larger differences in the stiffnesses of
components can exist and the effect of cracking, in assessing, for example,
the elastic response of a coupled shear wall, may be more important.

It must be appreciated that diagonal cracking has a much larger effect
on shear stiffness than has flexural cracking on flexural stiffness [2]. Thus
diagonal cracking will have a major influence on the overall stiffness of

1455
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This is the case fordominate.
ratios.

With the aid of mathematical models,
based on observed crack patterns, overall
deformations in cracked coupling beams can
be predicted with a satisfactory degree of
accuracy [5]. However, such analysis would
seldom be warranted because in earthquake
resistant design the distribution of actions,
that results from an elastic static analysis,
should only serve as a guide with respect to
the desirable distribtion of strength.

The order of the loss in stiffness of
coupling beams, as a consequence of flexural
and diagonal cracking, is shown in Fig. 7,
where this loss is expressed as the ratio of
the stiffness based on cracked sections to that
based on uncracked sections. A comparison with
theoretical predictions [5] is also made. The
dimension of the beams designated 312 to 314

are as shown.in Fig. 6. Those designated 392 to 394 are 39 in (990 rom) deep.
It is seen that the loss of stiffness due to cracking is of the order of 85%, a
quantity significant enough to be considered in the design process.

members in which shear distortions will
coupling beams with small span to depth

f21llZl Theroeticaf stiffness for 0.7 ~lJ ~ 1.0

~ Range of maximum measured
stiffness.

Fig. 7 The reduction of stiff
ness of coupling beams
as a result of flexural
and shear cracking.

Fig. 8 Diagonal tension failure in coupling
beams SUbjected to reversed cyclic
loading.

The effects of reversed
cyclic loading beyond the
elastic limits -- Because of
relatively large shearing forces
that are usually present, dia
gonal tension failure in coupl
ing beams with web reinforce
ment in accordance with tradit
ional code requirements [3], is
accentuated. The complete fail
ure of such beams was observed
in Achorage (Fig. 2 and Fig. 8a)
and in tests, such as shown in
Fig. 8b.

When the strength of the stirrups, crossing the crack along the main
diagonal of a deep spandrel beam, is equal to or larger than the external
load, then failure is confined to one of the support sections. Such beams
can repeatedly attain their flexural capacity. However, in beams with span
to depth ratio of less than 2, the ultimate moment capacity, predicted by a
Whitney analysis, cannot be developed. The high shear force causes the
flexural reinforcement to be in tension at the top and the bottom of the beam
(Fig. 5). Therefore the internal lever arm of the stress resultants is small
er than in a conventional beam possessing the same sectional properties (Fig.
6). with cyclic loading this is further accentuated. Experiments indicated
that after high intensity load reversals the attainable flexural strength is
only about 85% of that predicted by a Whitney analysis [6] (Fig. 9).
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Prior to failure the entire shear force must be carried by the concrete
through the compression zone and by means of dowe 1 action of the horizontal
reinforcement across a vertical section, adjacent to the support. This shear
force is to be transmitted by aggregate interlock friction because the com
pression zone is already severely cracked. In the process of closing a wide
crack, particularly at low loads, shear displacements occur. These may be
enhanced by the yielded flexural reinforcement which can delay the closure
of the crack. The shear displacement prevents a perfect fit between the
two faces of a crack. Very high local bearing stresses, dislocations of
aggregate particles, numerous small new cracks and, later, the filling of the
crack with debris ensue. These phenomena reduce the frictional resistance
of the compression zone to such an extent that large shear displacements may
occur. Such a local slip is evident at the right hand support of the beam
shown in Fig. 9. At this stage no stirrup or perhaps one or two, cross the
failure crack, along which the shear slip takes place. These stirrups and
the dowel contribution of the flexural reinforcement, cannot arrest a failure
once sliding across the pulverized plane of the compression zone commences.

The load displacement relationship for a beam containing adequate web
reinforcement, shown in Fig. 9, demonstrates that only limited rotational
ductility could be developed and that after one large flexural yield excurs
ion, such as applied in the 6th cycle of loading, a sliding shear failure is
imminent. The shear sustained after substantial sliding, as in cycle 7 of
the test beam, is primarily due to the kinking (dowel) action of the flexural
reinforcement. The rotational ductilities observed in such beams (Fig. 9)
fall considerably short of the magnitudes predicted from theoretical studies
of coupled shear walls.

In more slender
beams two distinct
plastic hinges will
appear. The behaviour
of such beams is the
same as that of beams
of moment resistant
frames. However, the
transfer of shear across
plastic hinges in such
relatively slender beams
is also likely to be
critical and hence it
deserves particular
attention..,,,,

LOAD
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It must be concluded that in conventionally reinforced coupling beams,
with a span to depth ratio of less than 2, the strength and ductilities,

~ desired in earthquake
(bJunr;rlJ:~~~.~~~:~~ctlons resistant coupled

+-t-=t'=r--'JclM=:;J.;t~::::::::::' shear walls, are not
~-2-l---'--'CU"'" fit.nslr'+cru.hlng.t likely to be attained.

Right Hand Support.

- BEAM AFTER 7th. CYCLE -

Pig. 9 Load-rotation relationship for a conventionally
reinforced coupling beam designed to fail in
flexure.
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Diagonally Reinforced Coupling Beams

Experiments at the university of Canterbury revealed [2, 7]
that the ductility and useful strength of coupling beams can be
considerably improved if instead of the previously described conventional
steel arrangement, the principal reinforcement is placed diagonally
in the beam. The design of such a beam can be based on the premise that the
shearing force resolves itself into diagonal compression and tension forces,
intersecting each other at midspan where no moment is to be resisted, as in
Fig. 10. Initially the diagonal compression is transmitted by the concrete,
and the compression steel makes an insignificant contribution. After the
first excursion of the diagonal tension bars into the yield range, however,
large cracks form and remain open when the load is removed. When the reversed
load is applied, as during an earthquake, these bars are subjected to large
compression stresses, perhaps yielding, before the previously formed cracks
close. Accordingly, at the development of the yield strength, Figs. lOa and
lOb give

TU Cu Asfy and Vu 2Tu sin a

hence Vu
As 2fy sin a

where h-2d'
tana -9,-

(2)

(3)

(4b)

(4a)9, Tu sina

The resisting moment at the supports of the beam (Fig. lOb), may be found
if desired, either from the shear force, that is,

Vu 9,

2
or from the horizontal components of the diagonal forces, that is,

Mu (h-2d' ) Tu cos a

Fig. 10 Geometry of diagonally
reinforced coupling beams.

~
Ua

Vu
a

Cu

(b) External Actions

(c) Internal Forces

Since equal amounts of steel are to be provided in both diagonal bands,
loss of the contribution of the concrete is without consequence, provided

the diagonal compression bars do not be
come unstable. For seismic-type load
ing it is therefore important to have
ample ties around the diagonal compress
ion bars, to retain the concrete around
the bars. The main purpose of the reo
tained concrete is to furnish some
lateral flexural rigidity to the diagonal
strut, thus to enable compression yield
ing of the main diagonal bars to take
place. Where beams only 6 in (150 rom)
thick were studied, buckling failures
were clearly identified [7].

(a) The Geometry of the Reinforcement

Because the concrete, apart from
stabilizing the compression bars, has

no influence on the behaviour of diagonally reinforced coupling beams, no de
gradation in strength or stiffness is to be expected during alternating cyclic
loading that imposes moderate ductility. Fig. 11 gives the load~rotation re
lationship for a beam having the same overall dimensions as that in Fig. 9.

the
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The hysteresis loops for
this beam have the charact·
eris~ics of a steel member.
Strength degradation occurs
only when the buckling of
the compression bars com
mences. When load revers
als occur, however, these
bars can take up tension
and straighten themselves.
The process leads eventual
ly to the complete break
ing up of the concrete
around the compression bars,
hence to further loss of
restraint against buckling
and consequent loss of
strength.

Fig. 11 Load rotation relationship for a
diagonally reinforced coupling beam.

The superior response of
these diagonally reinforced
beams under high··intensity

alternating loading can be seen in a comparison of the reduction in strength
with the cumulative ductility imposed during cyclic loading on beams tested,
shown in Fig. 12. The span depth ratio ~/h of these beams varied between 1.03
and 1.29. Fig. 13 illustrates the reinforcement for such a beam used in a build
ing in New zealand.

Fig. 12 Cumulative ductilities imposed
on conventionally and diagonal
ly reinforced coupling beam.

Fig. 13 A diagonally reinforced
coupling beam as constructed.
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I.INTRODUCTION

In earthquake areas the response of a building foundation to the strong ground motion
is important in the design of the foundation structure and building structural frame. To
achieve a rational design it is necessary to learn with reasonable accuracy on the subsoi I
conditions and on the earthquake characteristics at the site in question.

The site investigation is performed from the physiographical and geological point of
view and learning on the hydraulic conditions prevailing in the area where the building
will be constructed and at the time the mechanical properties of the subsoil materials are
investigated. Compensated foundations are only indicated in deep and highly compressible
sediments usually of lacustrine or marine origin in which case, the stratigraphy may be
found concordant in large areas (a).

The hydraulic conditions at the site are investigated by means of piezometers instal
led at different depths covering the total thickness of the deposit to a depth where firm
ground may be encountered, or to a depth at which the influence of the construction of
the foundation may be negligible. Using the piezometric readings and the index proper
ties of the materials, the total and effective stresses at the site are determined, Fig. I.
The hydraulic conditions in the environment of the site are also investigated for future
possible changes. There are areas where large pumping is taking place and the drawdown
of the piezometric water levels produces ground surface subsidence that should be taken
in consideration when designing a compensated foundation.

The vertical water flow component increases the effective overburden stresses in pro
portion to the piezometric water elevation drawdown • The total pressures and the effec
tive stresses are indicated in Fig. I. They may be calculated from the piezometric water
heads determined at different depths within the soil deposits and from the unit weight of
the soil determined from the index properties.

In clay sediments the shear strength is estimated continuously along the entire soil
profi Ie by means of the natural consistency of the soil. The coefficient of permeabil ity is
investigated for the pervious layers that may be considered drainage fields to assign the
thickness of the strata for consol idation purposes, and to estimate the water flow during
excavation. The elastic response strain modulus under static loading and the elasto
plastic coefficient of the soil are important. The first one is used to evaluate the elastic
heave during excavation, therefore, it shall be determined in every layer, where differ
ent response may be expected. The elasto - plastic properties of the soil should be investi
gated to evaluate permanent deformation induced in the soil mass by the foundation sub
jected to large overturning moments (a).

The compressibility of the soil is achieved by means of compressibility tests from
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which the consolidation parameters for primary and secondary consolidation are investi
gated. Th.e secondary consolidation is explained by the phenomenon of intergranular
viscosity (a). The consolidation properties are carefully investigated since the main ob
ject of a compensated foundation is to forecast the settlement with time after the soil
mass is recompressed.

The dynamic shear modulus of elasticity and corresponding shear wave velocity is
determined to investigate the dynamic behavior of the ground. With this information the
structural engineer and the foundation engineer evaluate the earthquake effects on the
structure and its foundati on.

The mechanical properties of the soils mentioned above are determined with accuracy
in und isturbed soi I specimens representative of each one of the strata that may be con
sidered different from each other. In general it is found that the soil changes its mechani
cal properties with depth. The compressibil ity reduces and the elastic properties increase.
The strata at greater depth show more favorable mechanical properties. A table showing
the engineering characteristics of soil required to design a compensated foundation are
tabulated in Fig. 2.

The earthquake characteristics are investigated from previous experience of recorded
strong ground motions in the area where the building is going to, be erected. The main
problem is to assign a proper maximum ground acceleration to design the building. In
many instances there are no previous records that may be used to investigate the probable
ground accelerations, and it is necessary to make use of equal earthquake intensity charts
that may be available for that region. On the other hand, general atenuation empirical
equations of acceler(gtion against distance may be used that may apply in the region
under consideration ).

Another important item, yet in state of investigation is the magnification factors for
different degrees of critical damping in the soil mass (c) (g). As it is well known that the
response acceleration is a function of the equivalent period of vibration of the structure
and of the damping phenomenon.

With the knowledge of the earthquake characteristics at the site and the dynamic
mechanical properties of the soil, the foundation engineer is able to estimate the subsoil
dynamic behavior and its implications or interaction on the foundation structure of the
building. The seismic response of the foundation is then calculated to determine the soil
reactions on the foundation structure and from there on using the bui Iding loads, the
shears and bending moments induced by the seismic action may be determined.

There are many structures on compensated foundations deep seated in the ground that
are very rigid in their structural frame including the foundation structure designed as a
monol ithic box, as the one shown in Fig. 3, for a grain bin. When such is the case, the
period of vibration of the structure in itself is very small and the important factor is the
rocking phenomenon. This paper is devoted to this important problem in the aim to analyze
such a rigid structure and estimate the seismic response of its foundation. However, the
general short - hand procedure given in this paper may be used for any other type of struc
tural frame, except that the structural dynamic properties should be known to be included
in the calculations, (h).

When the seismic response of the foundation structure is known the contact stresses
against the retaining walls and base slab are calculated and the stability from the soil



I l
"-

! I
I
I
I

I W
I ~

r0
I

C>
CD i:L

I
CD

z
Q
I-
0
W
(f)

(f) z
(f) Q0
0:: I-
0 «

0
z
::J
0
I..L

0
Z
«
w

<l: cr:
I ::J

<l: I-
z U
0 ::J
t= cr:
0 I-w (f)
(f)

(f) 0
(f)

C>0
0:: cr:
0

z
Q
!;:j:
>
W
-.J
W

1467



1468

mechanics point of view revised. That is to say, the factors of safety should be determined
for the passive earth pressure developed by the strong ground motion against the sides of
the foundation box and the ul timate bearing capacity at the edges of the foundation base
slab.Attheseplaces large stresses induced by the overturning moments may produce soil
failure or plastic action in a limited zone of the foundation contact area. When these
plastic zones are large the foundation structure and thus the building will suffer an im
portant permanent tilt during the earthquake.

II. EARTHQUAKE CHARACTERISTICS

The proper rating of an earthquake at the particular site is very important for the
economy and design of a foundation. The location of the source of the seismic motion may
be fairly well known as reported by the seismological stations in terms of their latitude,
longitude and depth at the epicentral zone. The fault zones are better known every day
and the studies on the probable Richter Magnitude to be expected is progressing rapidly.
More difficult, however, is to assign a seismic intensity in areas where previous records
are not available. Nevertheless, for this purpose charts of equal seismic intensity may be
used or statistical atenuation formulas for acceleration vs distance, as the one developed
by W. K. Cloud (b), giving the upper bound of destructive earthquakes

(1 )

in which the acceleration a is given in cm/sec2 and D the distance in miles from the
epicenter. The table I, was prepared to give an idea of the importance of the seismic
intensity with the distance from the epicenter in miles (d).

TAB L E

Distance D
Miles

5
20
40
80
100
150
(165)

200

Maximum ground acceler
ation in cm/sec2

377
344
269
144
106
56
(47.5) Mexico, D. F.

Ju Iy 28, 1957
34

For foundation design purposes it is important to know the maximum ground acceler
ation and the characteristics of the response spectrum. The surface ground acceleration
may be recorded by means of accelerographs and the maximum acceleration determined,
Fig. 4. The accelerogram so obtained shows a series of random impulses with a few large
peaks.

The maximum response of a vibrClting system resting on the ground surface can be de
termined integrating these impulses to obtain the maximum by means of the well known
expression
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f
t -sr..:J(t-r)

J2v = a(r) e sir) wet' (t - ?:)dr!
o ;nax

(2)

The above expression(e) (f) gives the maximum response in terms of the relative
pseudo- velocity as a function of the equivalent frequency of one degree of freedom
systems. Here u.J is the circular frequency and <;;:; a fraction of the critical damping
of the system. The response acceleration

.eo. = J2 v ' W (3)

The pseudo - acceleration spectrum for the accelerogram shown in Fig. 4 is given in
Fig. 5 for the response of one degree of freedom systems, and for the case of Mexico
City, May II, 1962 strong earthquake. Hence, entering with the natural period of vi
bration of the system the response acceleration Ea.. may be obtained and the seismic
shear calculated. If the mass of the system is called !"1 , then the seismic horizontal
force at the center of mass of the structure is

(4)

(5)

Furthermore, for that particular pseudo - acceleration response spectrum a maximum
ground acceleration was recorded in the accelerogram, let us call it a;n , and write

Vm =/1 (~a. )amm

hence, the spectrum may be visualized in terms of the ratio k'a/am representing an
acceleration magn ification factor, as shown in Fig. 6 for the envelope of pseudo- acceler
ation response spectra for Mexico City center. -

Every spectrum has certain characteristic values at the peaks representing an impor
tant resonance of the vibrating systems with the soi I mass. For instance in case of Mexico
City the magnification factors observed for different degrees of critical damping (c) (g) at
definite periods representing the 1st and 2nd vibration modes of the soil mass are shown
plotted in Fig. 7. The author has compared these values with other records and it appears
that the magnification ratios are practically independent of the subsoil characteristics
provided the subsoil is fairly uniform from the ground surface to firm ground. These values
may have characteristics representative of certain seismic area. Calling 75/ the domi
nant period of the ground the envelope response spectra may be constructed in terms of
,eo..lam vs To/ T5/ for different degrees of critical damping S , as shown in Fig.
8. Therefore, to learn approximately on the response acceleration ratio ,eO-/am or
acceleration magnification factor it will be necessary to calculate from the stratigraphical
and ~xnamical properties of the soil mass the dominant periods of the ground 75, , and
75.. (a) , and make an estimate of the maximum ground acceleration am . Moreover,
it is required the determination of the equivalent periods of vibration and critical damp
ing of the foundation and building system ?;; and So respectively, (h). Hence,
computing the ratio: To /75/ , and entering the design envelope spectrum for cor-
responding critical damping ~ , the value of Ra./am may be obtained, Fig. 8.

Using the maximum assigned ground acceleration am the seismic shear V1J7 is



2 3 45678910 15 20

1473

30 40 50 60 ~

-E
...
2
u
c-co
.2
1;
.!::!-'c
CI
c

::!E

~ Subsoil critical damping

........

"'"~
.......~ode Peak

~4 r--........
............... ...........

~
3 2nd Mode Peak ~ 10..... r--....

.......... .......
I'.I"'--

'" ~r-...,
2

1.5 I'
MAGNIFICATION FACTORS OBSERVED FOR MEXICO CITY SUBSOIL

FIG.-7

SEISMIC DESIGN ENVELOPE SPECTRA
7

V I--..-['\.. E

~ >--

'"5 .- 5
V "~ r= 2 0

4 J <i

/ I--~
I-

Ive~o)I--
~
~ l'. 33

~ '" ~/ ""/1~2 V

'" 2

I,./~v-' "\ ~ "\
I\- l'\ 1.5

~
V

11.:'< '" '" "
20%~ ~ "l'\I 0.2 0.4 0.6 b.E 5

10.8 ratio /Tsi 10.8

"'"
"\ '" "\

10.6 ~ "" "0.6

'" I'" '"0.4 0.4 ~ ~
Ra/Om

"'" ""FIG.-8



1474

calculated by means of formula (5). The value so obtained is used to investigate the forces
taken by the foundation structure as discussed in further paragraphs.

III. SUBSOIL CONDITIONS

A rational seismic foundation design requires the knowledge of the stratigraphical,
hydraulic and dynamical properties of the subsoil to a depth at which the soil properties
will not influence the physical behavior of the foundation. The soil profile is determined
as a minimum to a depth equivalent to one and one half times the average dimension of the
foundation area or to a depth at which it is considered that the influence of the foundation
action is neg' ig ible. The soil weight is required to calculate the total pressure in the soil
mass Poi. • The hydraulic pressures in the ground are determined by means of sufficient
piezometers installed at the strata interfaces, u,. = tTw . h, other values may be
interpolated considering the permeability properties of the strata. The effective stress
profile is determined by means of

(6)

The vertical effective stress is important because it is necessary to calculate the
average volumetric confining stress

(7)

In this expression K:.o represents the ratio of the horizontal to the vertical stresses
at rest. To estimate the soil mass behavior during an earthquake it is required to know the
value of the dynamic shear modulus of elasticity of the soil. This mechanical property is
a function of the confining stress \n)th,~ ground. The phenomenological laws the author
has found governing this property \a (i) may be stated as follows:

nfJ.
1) For Clays .J-l =.po e 5 C (8)

2) For Sand (9)

in which Cc is the volumetric confining stress given by (7). The first of these equations
(8) for clay soils states that when the soil is unconfined the initial shear modulus of
elasticity is "ao ,in contrast with the second law equation (9) for cohesion less soil that
when the confining stress OC is very small the value of the dynamic shear modulus of
elasticity is also very small.

The author has designed a simple instrument known as the "Free Vibration Torsion
Pendulum" with which the value of"u may be investigated for different volumetric
confining stresses (i), however, undisturbed samples of the soil are required. The sample
is placed in a triaxial chamber and subjected to a volumetric confining stress close to the
one it has in the ground, Fig. 9. Once the sample is consolidated, that is to say, after
the hydrostatic excess pore water pressure is dissipated, the sample is induced to vibrate
freely, the response due to the elastic elements is measured and also the damping proper
ties of the soil. From this information the value of the shear modulus of elasticity is de
termined with enough accuracy to be applied in practical foundation problems.
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25 6.0 230 2.45 1.22

20 5.0 250 2.38 1.20

30
6.0 230 2.54 1.23
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50 100 150

A Fill 1.5

Brown
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C 1.0 80

Olive Brown
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F

G

H
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Z Depth in meters (m )
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The investigation of ft is performed for each different soi I strata and its val ue de
termined for the confined state of stress existing at the depth where the sample was taken.
A profile of the ~ values is then made as that shown in Fig. 10, where the thickness
of the soil strata is recorded, and the average values of the water content, specific
gravety and unit weight for each stratum are also recorded.

IV. SUBSOIL DYNAMIC BEHAVIOR

The earthquake epicenter is usually located deep in a fault zone where the potential
energy is accumulated due to the distortion of the earth crust, and it is suddenly liber
ated into kinetic energy. The result is the generation of two important body waves, that
reach the ground surface at the site with different ground surface accelerations (a).

a) The compressional waves require change in volume of the soi I, and travel with a
velocity

1477

here E. is the linear modulus of elasticity and j./ Poisson's ratio.

(10)

b) The shear or constant volume waves travel with velocity

7% =fl (11)

in which ""u. is the dynamic shear modulus of elasticity of the soil and p the
unit soil mass. The shear wave velocity is independent of Poisson's ratio.

Notice that the ratio Vd / V-<> >/ , therefore, the compressional waves have a
higher velocity. When seismic body waves hit the interphase between firm and soft
ground, the compressional and shear w.aves travel upward to the ground surface. These
two types of seismic waves produce in the soil mass different physical phenomena. Their
effect may be treated separately.

When the response pseudo- acceleration spectrum for a strong earthquake is not
known close to the site in question, it will be necessary to perform a soil investigation
to construct a semi-empirical envelope response spectrum for design purposes. When
achieving this one calculates the fundamental period of vibration, the horizontal displace
ments and shear stresses in the soil mass. The calculation is performed using the mecha - 
nical and index properties of the soil for each one of the strata encountered from the
ground surface to firm ground.

The shear stresses in the subsoi I are investigated and compared with the soi I shear
strength. The shear stresses induced by the earthquake strong ground motion added to the
static shear stresses induced by the weight of the building in the subsoil, may result high
and may run over the shear strength of the soil, giving as a result a partial or total failure
of the foundation (j).

Consider a soi I column subjected to the strong ground motion induced by the earth-
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quake, Fig. 11. The average horizontal relative displacement with respect to firm ground
of a soil element of thickness d{' at any depth z ==l , is (c!i ;l-c/c:"I)/Z • As
suming Wn is the free angular frequency of the soil mass, then the maximum inertia
force of the element will be

1479

/1". _?':) - (0 d') _,2.-1. /_/". L J. )l 'N'/ < - Ji t '-'-'17 2 (Ut T 0lrl

This force will be balanced by the elastic response of the soil elements under shear
strain, hence

Combining these two equations the algorithms for the calculation of the problem in
question may be obtained

in which

(12)

(13)

(14)

(15)

(16)

The coefficients Ai , f3i and Ct' are a function of the geometrical and me
chanical properties of the strata and may be calculated for an assumed value of the circu
larfrequency cJ17 • The integration of (14) and (15) is performed step ~ step k.nowi~g

that at the ground surface Z == 0 , Zi =0 and c1so =: arn/w 17 ' In which
a m is the maximum acceleration at the ground surface. The integration follows with

depth using equation (14) obtaining ~';l-I then entering in (15) to obtain Tin
Entering again in (14) with T<'-fI to obtain Ojl-2 and then in equation (15) to
find 7:i rZ , and so on. When the value of the natural frequency is well chosen, the
calculation will give at the firm ground a zero relative displacement; any other mode of
vibration may be investigated by the same method (a). The calculation so performed gives
the maximum shear stresses and horizontal displacements induced in the soi I mass because
of the strong ground motion.
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STRATUM t/m3 ~ t/m 2 m..tec sec sec Horizontalm4., f )J. "s lLlt lflt
Displacement in em

N° d I 2 3 4 5

A 1.5 1.70 0.170 450 51.4 0.117 \

B 3.5 I. 62 0.165 640 62.3 0.342 \
C 1.0 1.53 0.156 1500 98.1 0.383 \

D 5.0 1.17 0.119 820 83.0 0.624 \ rd;
E 5.0 1.19 0.121 600 70.4 0.908 X

1.12

/ ~~F 5.0 1.20 0.122 460 61.4 1.23

G 6.0 1.22 0.124 1050 92.0 1.49 /
H 6.0 1.23 0.125 1620 113.8 I. 70 I

~ 0.5 1.0 1.5

TSI :: I.70 sec T
S2

'= 1.12 sec
Shear Stress in t/m 2

SEISMIC SUBSOIL BEHAVIOR
FIG.-12



The fundamental period of vibration of the ground and other resonant periods corres
ponding to partial addition of strata may be investigated using the shear wave velocity
method(a). In fact, waves are generated at the firm ground with different wave lengths,
and whenever one quarter of the length of a shear wave is coincident with a stratum or
sum of strata, amplification of horizontal displacements takes place. The waves reflect up
and down in the strata as they hit the interfaces. The fundamental period of vibration is
obtained adding through the entire soil deposit the times the shear wave takes to travel
each stratum. For one stratum L]i = a, /~,'

Therefore, the fundamental period is

1481

(17)

Here, TSI is the largest period producing resonance, V''Ji is the shear wave ve
locity for the stratum with thickness a, . As stated before, each stratum may suffer
magnification of stresses and horizontal displacements when the shear wave passing through
has a length four times the thickness of the stratum or sum of soft soil strata. Therefore,
several possible resonant periods should be investigated that may affect the building. In
Fig. 12 a case is presented where the dominant period of vibration corresponding to the
maximum ground acceleration is calculated in 1.70 sec. Nevertheless, another important
period is the resonance of strata 0, E, F and G with 1.12 sec. The acceleration at the
ground surface, however, produced by a stratum or sum of strata is smaller than the ac
celeration obtained from the fundamental free period of vibration of the ground when all
strata are considered. Therefore, when the period T'31 is considered the largest, it is
taken as giving the peak response acceleration at the ground surface. The second mode of
vibration of the entire deposit should be also investigated. For uniform subsoil conditions
the higher harmonics have values on the order of 1/3, 1/5••. of the fundamental period.

v. FOUNDATION SEiSMIC RESPONSE

With the ratio of the rocking free period of vibration Te of the rigid compensated
foundation and the fundamental free period of vibration of the ground 751 and assign
ing a critical damping of the soil, the envelope acceleration response spectrum may be
entered Fig. 8, and the response acceleration magnification factor determinedR",,/a m
from which the seismic shear is calculated

(5)

here 0 177 is the maximum measured or assigned ground surface acceleration.

The strong ground surface motion will push the rigid box- type foundation, in such a
way that a seismic horizontal force Vm will be developed at the center of mass of the
building, Fig. 13. The foundation during the ground motion will compress the soil with a
force J2h , assumed to be applied at the middle depth of the foundation structure. If
the soil does not fail due to passive earth pressure then the base shear at the foundation
grade elevation wi" be

(18)
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and the overturning moment on the foundation base slab will be

1483

(19)

Call ing c..Je the free natural frequency of the foundation system and cit} the dis
placement at the center of mass the total overturning moment due to the inertia force may
be written

(20)

Calling k e the rocking foundation modulus for the rigid box- type foundation,

defined as

k = OTe e

here e is the amplitude angle of the rocking phenomenon, hence

from which the rocking free naturol frequency may be obtained:

_ )2 __/_ k e
LUg - h~ /'1

and the rocking free period of vibration of the foundation will be

(21)

(22)

The next problem will be to investigate the value of keto be able to compute the
period Te .

VI. SOil REACTIONS ON THE FOUNDATION STRUCTURE

In the preceding section it was stated that the overturning moment of the rigid com
pensated foundation moy be expressed as:

(23)

in which k e is the foundation modulus due to rocking and e the amplitude angle of
the rocking motion, Fig. 14. let us call OTVV the part of the overturning moment taken
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by the wall or sides of the foundation rigid box, and 0 713 that part of the overturning
moment taken by the base slab at the foundation grade elevation. Therefore, the foun
dation moduli for the wall and base may be expressed respectively

1485

1) for the wall

2) for the base

and since

then

k e =.f:ew f- k e.8

(24)

(25)

(26)

The problem will be now to estimate the values of the foundation moduli k ew and
ke8 •

To obtain a value for k evv, the assumption is made that the reaction force on the
wall is uniformly distributed when the wall rotates in a plane and compresses the soil,
Fig. 14, hence

(27)

Moreover, it is further assumed that the horizontal wall displacement at any height
from the foundation grade elevation may be expressed as follows

(28)

where Mell is the horizontal average Iineal strain modulus of the soi I in contact with the
wall, and p the unit maximum pressure exerted on the soil by the wall during the rock
ing phenomenon, therefore

Men· P =8

In terms of the dynamic shear modulus of elasticity

/
Men = 2(1-1-/./ )fl

On the other hand

O / 2
Tw =2 pd

(29)

(30)
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and substituting values in OTvv=kew e an approximate value for the wall foundation
modulus may be obtained; hence

(31 )

The determination of the base foundation modulus R<913 requires a more elaborate
calculation to be able to obtain more accuracy.

The dynamic effect at the foundation grade elevation induced by the earthquake,
requires the determination of the deformation of the strata from the point of view of the
dynamic shear modulus of elasticity or soil rigidity )I- , (I) , hence

cx-( d )
N- 2(NP)).-{ N

(32)

The value of O<N represents the deformation of the stratum N of thickness d , or
change in thickness due to a unit stress.

To study the compatibility of deformation at the interface of the foundation structure
and soil (k) (I), the contact surface is divided into equal size tributary areas ct , and
so many as required for accuracy. Further assume four subsoi I strata to be considered.
Hence, the deformation of the strata matrix is formed

{;i} @3]

The unit reactions influence matrix may be formed for each unit loaded tributary area
as shown in Fig. 15. The influence values Ij(o should be determined taking in con
sideration approximately the stratigraphical canditions of the subsoil. FC?r this purpose a
special stress net may be used based on Fr/:llich subsoil considerations (aJ. The matrices
so obtained are transposed and multiplied by the deformation strata matrix to calculate
the unit influence vertical displacement in all points at the foundation grade elevation
due to the unit load in tributary areas it , hence for the unit load applied on any
tributary area

(34)

in the same manner the unit influence matrices are formed for other unit loaded tributary
areas, (I).

The settlement or vertical displacements matrix may ~e calculated multiplying the
influence coefficients transposed matrix formed for the 0ji values, Fig. 16, by the



UNIT LOAD AT TRIBUTARY AREA 0,

Stratum D 2 3 4 5 6 oc.

A A
I~ 1:1A III 121 ()(A

B B

I~
B

B III 121 161 Q'B

C I~ I ~I I~l I ~I Ofc

I~
0 0

1~1D I 21 131 ~D

UNIT STRESS INFLUENCE MATRIX
FIG.- 15
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2 3 4 5 6 q

~ 0;2 ~ ~ ~ ~ q.

~ c{2 c{3 c{4 c{s c{6 q2

v{1 ~2 ~3 ~4 ~5 0:6 q3

0:1 ~2 cl:3 0:;4 ~5 ~6 q4

~I 0:2 ~3 cJ;4 c{s ~6 q5

~I cl62 c,{3 ~4 c{5 ~6 q6

UNIT DISPLACEMENT MATRIX
FIG.-16
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columnar unit reactions matrix for tributary areas 1 to n , hence the vertical displace
ments at the center of each tributary area

(35)

The vertical displacement or settlement matrix is necessary to calculate the inter
action of the foundation structure with the soil mass.

The problem however, may be divided into a symmetric action for no moment on the
foundation, and into an antisymmetric action to consider an overturning moment. It may
be found that the unit displacement matrix shown in Fig. 16 is a symmetric matrix

LcJ;:;J T= [ di;}
and if the vector "!fI} is also symmetric the matrix settlement equation may be reduced
to l 'n

FOR SYMMETRIC REACTIONS

c{+c( ~+~ cI+d 9'
I

9'=/3 /4
/ 6

d+J eta +c!:!S c{~ -ret4 9; - 952./ 26 T
c{ >" V;6 ~+ c{~ c{3 +~4 9; I

9'=
I 4

FIG.- 17

hence one can write the symmetric reactions vertical displacement equation in the form

(36)

,
Equation (36) max be used to calculate the symmetric reactions q; . Since ~ has a
constant value 0;; for a rigid foundation on a compressible soil, the equations system
given by (36) may be solved for reactions 9' corresponding to the static loading (I),
Fig. 19a. n

The antisymmetric unit displacements matrix may be formed to solve the problem of
the seismic overturning moment, as follows



RIG 10 FOUNDATION

111/11717/1/ 7117177/1/

I
I 2 3 4 5 6 -lJ

T Q

q~ q' q' q' q; q'
2 3 3 I

I (0 )STATIC REACTIONS

I
I XI Xl

I I X2 X2 I
I I

1~ ~r
I

I
I I

II I / I I

I I I I I I

I I I
I" I Iq~' q; Iq3 I

I-+-
I

d"
I I L_ I _c£H
1-r--r~ 6

1 I -q" -q" _q"
:3 2 I
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cr."= - cJ:," =I 6

_1''' _I'''
(,/2 = - (,/5 =
d"= - _I''' =3 (,/4

SEISMIC REACTIONS

e'·x I

e',x 2

e'· X3

(b)

FIG.-19
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FOR ANTISYMMElRlC REACTIONS

~-~ ~-~ ~-0.t fll I II

I-~I

4t-0~ ~2-~5 ~3-04 9.
11 I II

1-9~:2

oi,-06 c{~ - c{5 e-{a- v{4 9..
11

I II,- $?43

FIG.- 18

and calling the antisymmetric reaction vector ~/I'1;/'<1;/ - 9.: "- ~/'- '1.'1 then the fol-
lowing vertical displacements matrix equation is formed .fl 2 '

(37)

in which the values ~/ are the vertical displacements at the foundation grade elevation
due to a rocking moment.

In this case the deformation condition imposes a plane displacement configuration at
the foundation grade elevation due to an overturning moment 0/8 ' Fig. 19b, hence

(38)

a value of e/ may be assigned and the equation (37) solved for the antisymmetric re
actions 9;; , corresponding to an overturning moment

(39)

The rocking foundation modulus is then determined

(40)



and the total rocking foundation modulus including the depth of the foundation will be
now

from which the rocking free period of vibration of the foundation is obtained,

1491

(41 )

Since k&w is proportional to the square of the foundation depth by formula (31),
notice the important effect in the free period of vibration of the foundation when it is a
surface foundation or when it may be deep seated in the ground.

The envelope for the response spectrum, Fig. 8, may be entered now with 7B/ ~I
that is, with the ratio of the rocking free period of vibration and that of the ground, and
the acceleration magnification factor .-ell/am determined. Knowing the maximum ground
surface acceleration the seismic shear may be computed:

and the total overturning moment

The rocking angle amplitude of the system wi II be

e (42)

and .since

o =// ·8
TW /Lew and 0 12

TW =2 Pd

we rpay find the un it reaction to the wall from

p==
2 Or

dT (43)

The overturning moment taken by the base slab will be

A::ea 0
v . T
ILewf-K&8

(44)

The antisymmetric soil reactions due to the rocking effect obtained from (37) may be
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determined correcting the values ,?-I/ in proportion to 0;8 and 0 78 • The reactions so
obtained are added to the static co,{iact stresses at the foundation grade elevation, Fig.
20, to obtain the final interacting stresses during the seismic action. The stresses at the
edge of the foundation are examined to pass the local bearing capacity with a reasonable
factor of safety. Once the soil reaction stresses are determined the members of the rigid
foundation structure may be calculated by current methods of reinforced concrete design.
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INTRODUCTION

The intent of this paper is to present some comments and observations
from a structural engineer's viewpoint on interactions between structure and
soil during an earthquake. The paper purposely will not address traditional
soil-structure interaction, which consists of the soil deformations caused by
the building motion which in turn modifies the response of the structure.
Considerable research and published results are available in that area, al
though the research in this area appears to have only dented the surface.

The paper will discuss buried structures and building basements and the
ranges of their seismic performance, as well as foundations themselves. A
brief discussion will follow on how earthquake forces or displacements get
into buildings and then how they get out. Lastly, some comments will be
offered on the importance of soil effects on building response. In all of
these areas the need for well thought-out research will be emphasized.

It is emphasized that this paper does not intend to cover all areas of
structure-soil interaction.

UNDERGROUND AND BASEMENT STRUCTURES

The traditional approach to the design of underground structures or
basements is to determine a soil pressure on the exterior surfaces and design
the structure accordingly. In recent years considerable work has been done
by geotechnical researchers and soil pressures recommended for walls in
seismic areas have increased. In California we rarely see the faithful old
30 pcf equivalent fluid pressure any more, its always at least 40 or 50 pcf.
I do not mean to discuss soil pressures for either cantilever or restrained
walls, as they are a matter of research for the geotechnical people. Let me
discuss areas of interest to structural researchers.

In designing underground structures in seismic areas, we need to consider
more than just soil pressures. We need to consider the stiffness and other
properties of the soil, the stiffness and geometry of the buried structure,
the location of the structure within the ground and,of course, such factors as
earthquake intensity, etc. When the earthquake occurs, the ground shakes and
the soil deforms. In rock and dense rock-like materials, the ground tends to
move as a mass and the ground displacement will be approximately equal to the
displacement at depth. In soft soils, the surface displacement will tend to be
greater than the displacement at depth. This is somewhat like shaking a bowl
of jello.
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The buried structure in rock or rock-like soils will go along for the
ride and probably not be damaged severely because there have not been any
major distortions in the soil surrounding the buried structure. However, the
structure buried in soft soils will be subjected to displacements in the soil
layers, as schematically illustrated in Figure Number 1. If the structure is
very flexible and able to deform with damage, which is unlikely for under
ground concrete structures, it will go along for the ride. In the normal
case, the structure will try to resist the soil displacements and failure may
occur if the structure is not strong enough. If the structure is very stiff
compared to the soil, then it will alter the soil deformations and win the
battle of stiffness. Allow me to cite a few examples:

Several underground structures were damaged at the Joseph Jensen Filtra
tion Plant in the San Fernando earthquake of 1971. Several of these
structures were reported elsewhere. [lJ A four channel box culvert in a
stream bed was heavily damaged because the soil displaced more than the cul
vert could, as seen in Figure Number 2. The culvert was half full of silt and
the culvert walls either failed and sheared at the top due to restraint of the
silt, or the walls hinged both top and bottom. The soil in this case moved more
and was and stronger than the structure. What soil pressure or criteria
should one use to design this structure? Incidentally, the repairs consisted
of adding buttresses on each side to stiffen and strengthen the structure.

Many underground box conduits laced the Joseph Jensen Filtration site and
some were damaged in the earthquake. These conduits were often covered with
ten to twenty feet of earth. The conduits in firmer,dense soil had no damage
nor permanent displacement at expansion joints. In loose soils the conduit
racked laterally in places as seen in Figure Number 3 and had offsets at
expansion joints. The wall failed in shear as seen in Figure Number 4.
In other areas of the site conduits were underlain with loose saturated sands
which liquefied and caused landsliding. Conduits in this landslide area
generally had minimal concrete damage but had considerable movement and open
ing of expansion joints. Ignoring the liquefaction problem, what design
criteria should one use for these conduits?

The underground finished water reservoir at the Jensen plant was struc
turally complete at the time of the earthquake and was 500 feet by 520 feet
in plan and 37 feet deep. Damage was described in Reference [lJ . A good
correlation between response and damage was obtained by considering the
reservoir lifted up out of the soil and placed on grade. In other words, this
structure was so large in plan that lateral earth pressures were a minor factor
in estimating its structural response.

Allow me to cite one additional example. The Banco Central de Nicargua
BUilding was heavily damaged in the 1972 Nicaraguan earthquake. Subsequent
investigations revealed that the building was located within a fault zone
which displaced a small amount in the 1972 earthquake. Detailed trenching
around the building documented that a surface fault trace which offset in the
earthquake passed through the building [2J . However, the 30 foot deep base
ment with heavy vault walls was so r~id that surface fault displacement was
offset to the west of the building. L3] Here the structure was stronger than
the ground.
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Figure Number 2. Damage to box culvert. Note bent
reinforcing bars where wall top has failed in shear
and moved laterally.

Figure Number 4. Failed box conduit
shown in Figure Number 3. Note shear
failure at top of conduit wall.

Figure Number 3. Box conduit
which racked laterally in San
Fernando earthquake of 1971.
Note offset from plumb measure.



Similar arguments can be made for piles and caissons. riles are usually
used for buildings in poor or soft soil sites. Thus, we Can expect signifi
cant differential horizontal displacements (pile bending) along the length of
a pile during an earthquake. The usual pile is flexible and thus it must
have sufficient ductility to prevent failure and enough corresponding strength
to support the structure. Large diameter piers or caissons may be stiffer than
the soil and require significant reinforcement and ties to prevent shear or
flexural failures. In all cases, reinforcement greater than typical building
code minimums is probably required. How much is needed? What are the ranges
for different piles and different soil conditions? We must remember that it is
difficult to impossible to repair piles or caissons after an earthquake, let
alone inspect them, so a greater degree of conservatism in design is perhaps in
order.

Rational, simplified, design criteria is needed for buried structures and
buried structural elements. Valid research in this area cannot come solely
from geotechnical engineers, but needs the teamwork of structural engineers.
Some good work is needed in this area.

TRANSMITTING FORCES BETWEEN SOIL AND BUILDING

Traditional seismic design of buildings assigns equivalent static forces
at each floor level and then the building is analyzed similar to wind con
ditions. Spectral dynamic analysis of a building establishes periods of
vibration and mode shapes and eventually ends up with values treated somewhat
similar to ecpivalent static forces. The results of these "loadings" by either
approach result in shears and overturning forces to be resisted by the founda
tion and the supporting soils.

This basic approach is contrary to what actually happens in an earthquake.
In an earthquake, the ground moves. As the ground moves, the foundations also
move a similar amount depending on the degree of coupling between building and
soil. This movement of the foundation with certain dynamic characteristics in
turn moves the building in accordance with its flexibility and inertia forces
are generated.

The real forces on the foundation are the earth forces trying to move the
building, not building forces trying to be resisted by the ground. Furthermore,
at each instance of time, a point on the ground surface will be moving at a
certain pattern. At a nearby point at the same instant of time, a different
motion must be expected. Therefore, the input motion to the structure is not
the free field ground motion but the summation of all the free field motions
affecting the building at each instant of time, plus any slip that occurs.
This will tend to be less than the free field motion. This situation is un
doubtedly one contributing reason why structures perform better than some dynamic
studies would indicate.
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Little research has been done in this area and no extensive recommenda
tions are known to the author. Japanese studies [4J after the Tokachioki
earthquake revealed completely out-of-phase motions at two stations 36 meters
apart in some aftershocks. Observations at the Rio Blanco underground
nuclear explosion [jJ also found an out-of-phase relationship. Theoretically,
if ground motion was steady state harmonic motion and the foundation and its
ties were perfectly elastic, we could design a building of a certain specific
size for a specific harmonic motion such that the building would never move,
its foundations would simply stretch and contract. This is obviously not the
case of real earthquakes, but it offers an interesting comparison.

In addition to a reduction of building response, this out-of-phase
motion beneath a building emphasizes the need for substantial ties within the
foundation. The present 10% tie requirement for pile foundations is an
arbitrary value needing confirmation. Spread footings should perhaps also be
tied, at least in less competent soils, as old codes used to require and as
still practiced in Central and South America. Alternate systems should be
rationally studied by valid research.

Together with studies in the area mentioned, the whole question of
passive pressure and/or friction to take static forces out of a building needs
appropriate investigation. There are many engineers, myself included, that do
not believe that this is a valid concept and does not have to be calculated
nor provided. If the force can't get in, it doesn't have to get back out into
the soil. However, others, including some enforcement agencies, feel differ
ently. The classic case is the building with batter piles, which has a firm
coupling to the ground and generally experiences increased response and pile
distress.

One more area of possible concern warrants brief mention. Surface waves
cause undulations of the ground surface. Seismologists and others are not
apparently sure of the amplitude and wave length of these waves. However,
still frightened observers after recent earthquakes have sworn to mountainous
waves. If wave lengths are relatively short and amplitudes significant, the
resulting foundation rotations on~izable concrete structures could be sig
nificant. Stratta and Griswold [6J have outlined this problem but it is
basically an unknown area, needing joint input from the fields of seismology
and structures.

EFFECTS OF FOUNDATION ROTATION ON STRUCTURAL RESPONSE

In the usual structural analysis and design in earthquake areas, con
siderable analysis is done to determine relative rigidities of bracing
elements. Computers work to great precision, usually assuming that the
foundations are fixed. The end result is that meaningless calculations often
result and that the important effects a. re ne~ected. Allow me to illustrate
with several examples taken from Reference (JJ which has not been widely
distributed outside the San Francisco Bay Area.
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Let us assume two shear walls, one 10 feet long and the other 100 feet
long. Let us also consider three heights of shear walls - 10 feet, 20 feet
and 100 feet and calculate the relative rigidities that determine the pro
portion of the load that each one takes, both neglecting foundation rotation
and considering it. For the foundation rotation, let us assume a linearly
elastic very good soil - one that has about 1/4 inch deflection for 6000
pounds per square foot soil pressure.

Figure Number 5 shows the relative deformations - the inverse of which
measures rigidity - for the 10 foot high wall. If we consider shear defor
mations only - length of wall - the 10 foot long wall takes 9.1% of the shear.
Considering shear and bending deformations, it takes 4.15% of the load, but
when considering foundation rotation it only takes 0.14% of the load.

Similar relationships are shown for the 20 foot high wall and the 100
foot high wall in Figure Number 5. All the results are summarized. A study
of these relationships shows that we are calculating with great precision
the unimportant items - shear and moment deflections but neglecting the most
important item (by a factor of several times) - the foundation effect. Note
in Figure Number 5 that even in the 100 foot long, 10 foot high wall, the
foundation deformation (0.0167 inches) is double the concrete deformation
(0.00844 inches). Yet we neglect it:

The above concerns walls of equal height. Another example has come to
attention recently. Figure Number 6 shows three 40 foot long walls in a two
story bUilding. Two walls extend to the roof and are two stories high. One
identical wall only extends up one story. In the top floor there is no
question of shear distribution. The two identical walls must each take one
half the load and consequently they have 25 kips shear each. When we get
below the second story, however, the distribution of shears depends on the
assumptions made. The ordinary assumptions, going from story to story shown
in Figure Number 6(a) would indicate 33 kips shear in each of the three walls.

An analysis of this relationship on a computer was made assuming no
diaphragm elongation and fixed foundations. That distribution of shears is
shown in Figure Number 6(b) and you will note that the center wall takes more
shear than would be assumed by the ordinary methods. This would be your
ordinary answer if you were using the usual computer programs.

However, we assumed the foundations as fixed and we saw before that the
foundation has a large effect. Let us now assume that the walls are rigid 
they have very little deflection which is true. Assume also that each wall
has a footing of the same width so that the foundation rotation is equal in
all cases. Since the base moments of all walls must be identical, statics
tell us that the shear distribution must be as shown in Figure Number 6(c)
and the center wall takes even more load than the computer told us.

However, it is probable that the two story high walls will have more
vertical load on the footings than the one story high wall. In this case,
the footing on the two story high walls could be twice as wide as the footing
on the low center wall. If the soil is identical and the foundation rotations
are equal, then the overturning moment resisted by the high walls must be
double that of the low wall and the shear distribution is shown in Figure
Number 6(d) which gets quite close to the ordinary assumptions and different
from the computer result.

1503



1504

In these examples we have neglected any diaphragm deflections, collector
bar elongation, variation in concrete properties and probably more important,
a variation in the foundation properties or the effects of concrete shrinkage
and temperature. It is obvious that the precise figures of conventional
analysis are meaningless - it is more important to realize the overall actions
and limitations and to provide a logical system with reasonable allowances for
variations.

One additional example is appropriate from a recent hospital project in
our office. Two shear walls connected by coupling beams occurred at each end
of the building. The walls were about 27 feet long and 118 feet high with
coupling beams approximately 7 feet deep and 21 feet long at each of seven
levels. If we assumed the walls all fixed at the base, the first mode period
of vibration was 0.42 seconds. If we pinned the base and forced the spandrels
to work, the period was 0.68 seconds. However, since the building was pier
supported, we modeled foundation springs simulating the elastic properties of
the piers which yielded a building period of 0.56 seconds, which we used in
design. If we eliminated the coupling beams and relied on the tall cantilever
walls, the period calculates at 0.66 seconds for fixed bases and 0.96 seconds
for the same elastic spring model used before. The result in applied forces
is a reduction of code static forces by one-third if the extreme values are
compared. Furthermore, from our design, elmination of the coupling beams
could have reduced code static force requirements by one-fourth, however,
overturning forces and drift would increase and redundancy would be greatly
decreased. For a hospital structure where continued functioning after an
earthquake is required, we chose the stiffer, redundant structure as being
far superior in performance. However, many engineers would eliminate the
coupling beams to reduce code forces, equating lower code forces with improved
performance. This appears to be an idiosyncrasy in our code which undoubtedly
misleads the less knowledgeable practitioner.

My reason for presenting these examples is to emphasize the need for con
sidering soil effects in structural analysis. We need better tools and models
to estimate these effects, as well as education of the engineering profession
to implement such methods. Above all, simplified methods are essential as
normal structural design fees do not permit unending complex formulation and
study. Furthermore, the codes must lead us towards better buildings, not
ones which will have increased damage.

CONCLUSIONS

In conclusion, this paper has attempted to illustrate several research
needs in the area of interaction between structure and soil in major earth
quakes. Briefly, these can be summarized as follows:

1. A thorough understanding and simplified design procedures need to be
established for underground and buried structures.

2. The interaction of piles and caissons with the soil needs further
study to develop design procedures and details that will insure satisfactory
performanc,e.



3. The coupling between structure and soil during an earthquake needs
to be thoroughly understood and documented. Out-of-phase ground motions and
their effects on structural response require considerable study.

4. Foundation tie requirements need a rational basis and thorough
understanding

5. The need for passive pressure capacity and/or friction to transfer
shears between soil and foundation needs to be documented or soundly dis
credited.

6. The effects of foundation rotation from surface waves needs study
to determine its relevance.

7. Simplified design procedures to incorporate accurately foundation
soil deformations are needed for the profession.

Most of these areas of potential study need to be interdisciplinary
teams with structural researchers working together with geotechnic engineers
and seismologists.
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INTRODUCTION

This discussion will amplify and emphasize design problems and research
needs pointed out in the subject paper. It should not be surprising to find
that the areas of foundations and underground structures have design
technique deficiencies and need significant research. Interdisciplinary
problems are always the last to be tackled because research is normally
confined to a single discipline or to a narrow specialty. Elements of
buildings occurring in the architectural-structural and mechanical,
electrical-structural interfaces in the past have also been initially
neglected in earthquake resistant design with research being confined to
easily defined pure structural problems.

The "If it can't get in, we don't have to get it out" rationale for
foundations is true enough, but it is important to realize that the mass
of the building will attempt to respond to earthquake motions through the
stiffest connections to the ground. If that connection is not strong or
tough enough, long term vertical support for the building may be weakened;
the potential for immediate more catastrophic failures is also present.

UNDERGROUND AND BASEMENT STRUCTURES

The primary problem for most structures in this category is displace
ment. The work in seismology defining actual movements should be coordinated
with structural capabilities into usable criteria. References (3) and C6)
are pertinent to this area.

FOUNDATION TIES

Horizontal axial force ties between isolated footings in structures
have been required in some form or other by most seismic codes. The
purpose of such ties has never been defined however, and the requirements
have therefore been inconsistent. There are three possible purposes for
tying foundations together:

1 - Lateral Buckling at Column-Foundation Joint

As illustrated in Figure la, deep foundations such as piles and
caissons could buckle at the column-foundation joint if the joint
is forced out of the load line by earthquake motion. This is clearly



a danger in very soft soils using tip bearing piles. However, present
codes require ties (or equivalent restraint) at all "pile caps and
caissons". Is the same buckling potential prese~for short piles
with moment capacity at the column foundation joint? for friction
piers in competent soils?

2 - Out of Phase Motions

As illustrated in Figure Ib, ties could help mitigate damaging effects
from out of phase motions within a building. If this is the case, why
are isolated spread footings presently exempted?

The presently accepted requirement for foundation ties is 10% of the
higher column load. Cohesionless soils have relative low ultimate
passive pressures but can generate large friction (.65N) forces
whereas cohesive soils often exhibit low friction but ultimate passive
pressures as high as vertical foundation design values. In either
case, spread footings can often generate resistence to significant
lateral movement within the soil approaching their design vertical
load. Even allowing the tie its capability at ultimate strength,
a 10% (or 20% for an interior column) lateral tie could hardly restrain
differential spread footing movement caused by out of phase motions,
except in extremely soft soils. Massive caps required for most pile
and caisson installations in addition to passive pressures at the
tops of the piles themselves can also be shown to often generate
resistances far in excess of 10%. If the cap-pile interface cannot
take the same 10% or 20% of the vertical load in shear, the restraint
of the tie could actually cause failure at that location should out
of phase motions be in direct opposition. The extent of this problem
must be defined before rational tie criteria can be developed.

3 - Differential Lateral Foundation Movements Due to Differential
Structural Stiffnesses

It is often stated that movement at the foundation level is beneficial
because of energy absorbtion and reduced response. This is true but
the movement should be small and equal throughout the building. Since
the seismic motion enters the building through the stiffest elements,
those elements will have the strongest tendency to move within the
soil mass; the more flexible elements will move with the soil. This
differential mction, when translated to the second floor, could cause
unexpected distress in the flexible elements. Referring to Figure Ie,
the total motion at the second floor would be A, the structural
deformation of the wall, plus B, the movement within the soil of the
wall foundation. Stresses in the wall would be due to A alone.
However, at the more flexible column, where the foundation has not
moved within the soil, the stresses would be due to the total movement
A + B. Lateral ties at the foundation level, if properly designed,
may reduce B (all foundations would be anchoring the building rather
than just the wall footing) , but would maintain A as the stress
prOducing deformation in all elements. The extent of this problem
is directly related to the magnitude of movement B, rather than to
foundation type.
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Clearly the present code requirement for foundation ties dependent on
foundation type, regardless of soil conditions, is irrational. The 10%
capacity requirement is a continuing carry over, and is not based on any
real criteria. Research is needed to determine which of the three possible
purposes for ties are important and under what conditions. More realistic
code requirements would undoubtedly follow.

"IF IT CAN'T GET IN •

Increasing code forces and dynamic analysis have made us realize the
dispari ty between structural design and geotechnical "allowables". In
structures we have attempted to consider actual motions, realistic forces
and yield of elements. Geotechnical input often has factors of safety for
design and realistic predictions of behaviour are difficult to obtain.
We have come to depend on relatively accurate predictions of what will
yield and under what force levels. Inaccurate or conservative soil values
could lead to unexpected results in foundations similar to overstrength
concrete or reinforcing in ductile concrete. Varying soil or foundation
stiffness can drastically change shear distributions within a building or
could cause local failures in the stiffer foundation elements.

These problems can best be illustrated by an example. The building
was approximately four hundred feet square in plan and seventy feet tall.
Vertical loads were taken by a steel frame and lateral support was supplied
by concrete shear walls symmetrically placed throughout the building. The
building was supported by drilled cast in place friction piers. Because
of the high seismicity of the site and the critical nature of the building
(a regional hospital), extremely high lateral forces were used in the
design (2J.

During the design it became apparent that the lateral forces dis
tributed to the shear walls could not be taken by the wall foundation
system alone in any reasonable manner. It could be argued that the
design motions therefore could never get into the structure. However,
the points of resistance to the motion would be under the shear walls.
The nature of the failure of the wall foundation system to accept the
motion had to be investigated. If the piers yielded prior to the soil
yielding, ductility had to be provided at the expected hinge points and
shear failure had to be prevented. In addition, the effect of the
inelastic motion at the walls on the rest of the structure had to be
determined. It was found that with reinforcing required for vertical loads,
the piers in general yielded both at the pier cap interface and in contra
flexure prior to significant lateral soil failure. This mechanism at the
walls would then create additional movement and unknown moments and shears
in the balance of the foundation system and first floor structure, at best
causing unacceptable damage levels and at worst endangering the vertical
load carrying capacity of the structure.
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It was decided it was necessary to determine the relative rigidity of
the entire pier system and attempt to produce a uniform yielding of all
piers at approximately the same force level. Using modulus of subgrade
reactions from Terzaghi [5J, Reese (4J, and advice from the soils con
sultants, and considering varying top of pier restraint by the structure
as well as reduction in stiffnesses due to group action, eight different
pier types were identified. Using the slab on grade as a diaphragm, shear
was distributed to the piers and the piers reinforced for moment accordingly.
Using a procedure developed by Broms [lJ utilizing top and contraflexure
yield moments, ultimate shear envelopes of the various piers were calculated
and shear reinforcing provided for this limiting case. A system was thus
created that forced uniform pier yielding throughout and prevented shear
failures within the piers. It was found that, because all piers were used,
this procedure raised the overall capacity of the pier system at yield
to a level consistent with the design of the structure.

It is not suggested that such an analysis is necessary for all buildings,
but this example points out the necessity of at least qualitatively consider
ing the effect at all load levels on the structure of foundation systems
that "don't let the force in". The benefits of loose coupling in terms of
reduced response should be taken advantage of with full awareness of all
ramifications.

EFFECTS OF FOUNDATION TRANSLATION ON ELEMENT STIFFNESSES

Mr. Wyllie has shown the large effect that foundation rotation can
have on relative wall rigidity and therefore on shear distribution. In a
stiff shear wall building, pure translation or sliding at the foundation
level can have the same effect unless the slippage magnitude happens to be
proportional to the wall rigidities. This effect merely adds more uncertainty
to the results of the highly sophisticated computer analysis in common use.

CONCLUSIONS

It is clear that presently the effects of foundation coupling, both
translational and rotational, and possible out of phase motions casts
grave doubts on the accuracy of our structural analyses. These effects
might also explain much of the selectivity of earthquake in damaging
buildings. Unfortunately, foundations are not visible after an earthquake
and, barring serious failure, they are seldom excavated and inspected.
In many cases, even such inspections would not reveal the real effect
the foundations had on building response. In terms of improving the
accuracy of structural analysis and also raising the earthquake resistance
of buildings through code improvement, Mr. Wyllie's research suggestions
should be seriously considered as top priority.
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INTRODUCTION

The design of foundations for buildings in zones of high seismic
activity requires certain special considerations. There are also cer
tain matters of judgment exercised in the design; research in certain
areas would enhance the confidence in this judgment.

FOUNDATIONS

The subject of foundations for earthquake-resistant reinforced
concrete buildings is equally applicable to foundatJons for bUildings
constructed of any material, whether structural steel, wood, or concrete.

What makes foundation design for buildings in zones of strong seis
mic activity different from foundation design in zones of low activity?
There are a few fundamental differences that must be recognized, but
recognized more in a qualitative sense than quantitative.

Basically, designing a foundation system in a zone of strong seismic
activity involves designing a system that can act as a unit by resisting
being displaced either horizontally or vertically by strong ground shak
ing. At the bottom of relatively narrow shear walls, for instance, ade
quate overturning resistance must be provided by engaging sufficient
weight at the foundation level. Frequently it is necessary to design
a system of foundation tie beams that are capable of engaging the weight
that is available from neighboring footings and columns.

One real void in our knowledge of earthquake response is a quantita
tive evaluation of overturning forces. Some of our codes now demand, in
the judgment of many, consideration of unrealistic overturning forces;
and this is in the face of the fact that in the history of earthquake
failures, no buildings have been known to overturn, except as the result
of ground failure.

It may also be necessary to provide a system of ties at foundation
level to distribute the horizontal shears among several footings.

Common types of foundations include piles, both drilled and driven,
spread footings, and mat foundations. Driven piles may be structural
steel, cast-in-place concrete, or precast (usually prestressed) concrete.



The mechanics of the transfer of horizontal forces between soil
and piles in various classifications of soil should be a consideration
in the design of the piles, yet there seems to be little known about
this phenomenon; this matter could be considered a subject for research
involving the expertise of the soils engineer as well as the structural
engineer. In the past, whenever this phenomenon has been recognized
in the design of the piles, it has been answered purely by judgment.
In the case of concrete piles, the design results have varied widely,
from placing relatively light reinforcing in the top few feet of the
piles to extending rather heavy reinforcing the full length of the piles.

Interconnecting individual pile footings with ties, as required by
most codes, seems prudent in order to force a unified response of all
footings; however, is the arbitrary code force requirement of 10% of the
column load appropriate for the design of the ties in all soil classifi
cations?

Basement slabs which have been designed for hydrostatic uplift and
mat foundations inherently provide strong ties among columns.

A similar requirement and question is applicable to foundation ties
interconnecting spread footings on ground of relatively low bearing capac
ity.

The design of mat foundations involves considerable jUdgment in
estimating the parameters of contact soil pressures that may occur dur
ing the life of the structure; for instance, while a certain distribu
tion of pressure can be assumed for the early life of the structure, it
must be recognized that the pressure distribution will change as settle
ment occurs. The distribution of pressure under a mat after several
years may differ markedly from the distribution in the early life; the
redistribution is influenced by the relation between the stiffness of
the mat and the compressibility of the soil, among other influences.

Having been involved in the design of several heavy mat foundations,
some on piles, but most soil bearing that involve jUdgment in establish
ing the parameters of the pattern of soil contact pressure, I have long
believed that useful and informative research could result from instru
menting the soil under the mat to record the contact pressures as they
change over a period of years.

Mat foundations are usually heavily reinforced; therefore, serious
practical considerations must be given to simplifying the placing of re
inforcing steel and developing a pattern of placing rebar that will
facilitate the placing of concrete. Concrete is normally placed rapidly
and in large volume; space must always be available between rebars to
accommodate chutes, hoppers, "elephant trunks", vibrators, and other
placing appurtenances.

Another useful area of research would involve determining criteria
for the seismic design of basement walls, retaining walls, and other
earth retaining structures.
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DESIGN CODES

In my judgment, the most desparate need, now, for structural engi
neers involved in reinforced concrete design, in seismic zones or not,
is a simple, workable concrete design code. ACI 318 is absolutely con
trary to this need.

Concrete is basically an unsophisticated product and the design of
reinforced concrete does not warrant the involved mathematical exercises
of ACI 318; especially when considering the many variables that cannot
be quantitatively recognized in design; e.g., variations in load, con
crete properties and rebar properties, construction tolerances, variations
in curing, reshoring and other variables too numerous to mention. Stresses
in reinforced concrete structures, furthermore, are time dependent and
are also very sensitive to differential settlements in foundations.

The fact that one of the marvels of our age, the electronic computer,
is available to solve complex mathematical expressions is no justification
for the complexity of ACI 318.

Structural engineers must be liberated from the needless and repug
nant mathematical enigmas of ACI 318 that give a deceptive impression
of the sophistication of reinforced concrete and of the analytical pre
cision required for satisfactory designs. Successful designs do not
result from the solutions of these enigmas, but do result from a qualita
tive recognition of the properties of concrete and from devoting ingenu
ity and creativity to the development of appropriate framing schemes,
details, and the presentation of them in thorough and workable contract
documents.

The need of structural engineers for a simple, useable reinforced
concrete design code cannot be exaggerated, in my opinion.
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INTRODUCTION

During the last decade there has been a great advance in our understand
ing of the response of real buildings to earthquake type motion. Some of the
major contributing factors to these achievements include the development of
high speed computer programs, increased development and use of seismic record
ing instrumentation, the abundance of data obtained from the San Fernando
earthquake of February 1971, and the contribution of the structural response
project of the United States Energy Research and Development Administration
(formerly the United States Atomic Energy Commission) through its Nevada Opera
tions Office (ERDA-NV).

Computers have been an aid to analyzing buildings, analyzing instrumenta
tion records. and in correlating building motion and ground motion.

Because of the requirements of the Uniform Building Code (UBC) [39], re
quirements of local building officials (e.g .• Los Angeles bui lding department),
and programs of government agencies such as the United States Geological Sur
vey (USGS) [37], more instruments are being installed and presumably maintained
in buildings that have been or will be subjected to strong earthquake caused
ground motion.

During the San Fernando earthquake of February 9, 1971 many records were
obtained from buildings that had instruments located on the roof, at mid-height
and on the ground floor [29]. Through the work of many individuals and engi
neering firms plus the support of some government funding. several of the bui ld
ings were analyzed to correlate measured with calculated results [331.

Since 1964, URS/Blume has been conducting a structural response project,
under contract to ERDA, which includes the developmental effects prediction
guidelines for structures subjected to ground motion caused by underground nu
clear explosions (UNE). Two of the by-products of this project have been the
collection of structural response data for Las Vegas high-rise buildings sub
jected to ground motion caused by UNE's at the Nevada Test Site and the de
tailed studies made on two four-story reinforced concrete test structures con
structed at the Nevada Test Site. [2,3.4,5, la, 11.12, 15, 16, 17,19,20,23,26 & 27]

In addition to the above, there have been many contributions to this sub
ject in prior decades by some of the pioneer individuals and organizations in
the field of earthquake engineering. [1.7,9,13,14.18,28,31,32,34.35 & 401
Time and space do not permit acknowledgement of all the contributors, past
and present, to this subject; but. by means of this paper we hope to encourage
participation from other members of this workshop by reviewing the state-of
the-art. discussing some projects we have been affil iated with, and presenting
an outline for future needs.
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MEASURING RESPONSE

Instrumentation

Considerable improvements have been made during the last decade in the
seismic measuring devices and recording equipment, particularly as they apply
to building response measurements. These measurements were, of course, ne
cessitated by the improvements in the analysis techniques and in the better
understanding of the response of buildings to earthquakes.

It has generally been the practice to use a self-contained tri-axial ac
celerograph located at roof, mid-height, and basement of buildings to satisfy
code requirements. [37,39] Since they are self-contained, there is no accurate
time correlation between the recordings at the various levels. Because of
the bulkiness of the equipment, it cannot be placed at an ideal location in
the building. The locations were most often dictated by the building owner,
depending on the availabi lity of space. Oftentimes, one set may be placed in
a closet and another on a stair landing, at opposite ends of a building. A
new system, which has been displayed by USGS and California Division of Mines
and Geology, is a multi-channel accelerometer cabled to a central recording
unit. With this system, accelerometers can be attached to the structural
framing at normally inaccessible and remote locations, space requirements are
minimal, and recording equipment can be centrally located for easy maintenance
and record retrieval. It is therefore possible to obtain simultaneous time
correlated recordings of ground motion and building motion. With these rec
ords, techniques permit determination of complete dynamic properties of build
ings. Another improvement is the seismic equipment1s automatic change in
sensitivity. When the motion exceeds the limits of the recording system, the
sensitivity is automatically changed to accommodate the change; therebyen
abling recordings of a wider range of amplitude of motion.

Parallel improvements have also been made in the recording equipment
coupled with the data processing equipment. It was a major undertaking by
the California Institute of Technology to digitize and process the ground
and building motion records after the San Fernando earthquake of 1971 [29].
Although new recording equipment cannot completely replace the data process
ing procedure, it certainly improves the processing. One of the recent devel
opments is that of recording the motion on film and on magnetic tape (analog
or digital). Data can be converted to computer use very quickly by passing
the time consuming manual digitization of paper records.

The above discussions were on instrumentation and recording systems in
general. Of course, instrumentation has been used for specific projects by
various research facilities for quite sometime. The instrumentation program
in the Earthquake Research Institute building at the University of Tokyo is
a prime example. Seismic instruments as well as strain and story-drift mea
suring devices were placed in this building. In addition, seismic instruments
were placed at several locations on and below the ground.

Another example of specific projects is the instrumentation and data pro
cessing used in our work with ERDA-NV program. The instrumentation was simi
lar to that discussed earlier; seismometers placed at various locations on the
building and cabled to a central recording system. Data are recorded to ana
log tape which can record up to four days. With proper hardware and software,
data can be quickly converted to digital format for computer application.



Sources of Motion

The types of motion that may be recorded can range from the response to
large earthquakes to the measurement of ambient motion [9,24,29,331. In addi
tion to recording motion caused by natural events, lateral response of build
ings can be induced by man-made events such as underground explosions [3,15,
26,38], bui lding vibration generators [1,10,15,30], pull tests [15], and human
excitation [161.

Processing and Analysis of Records

The time-history recordings of the motion are either graphically repre
sented on paper or magnetically represented on tape. The paper records can
be used (1) for a quick estimate of peak amplitudes and predominant periods;
(2) for a detailed manual analysis to estimate modal characteristics of the
structure; or (3) for digitizing to a computerized format [29]. The magnetic
tape records can be reproduced on paper for visual inspection or they can be
digitized for computer use. When records are digitized care must be taken to
account for instrument characteristics and to make zero base line corrections.
Once the data are properly digitized for computer use, the data can be used
to compute response spectra or for time-history analysis. Response spectra
of the ground motion can be used to correlate building motion with damping [3].
Spectral acceleration contours and profiles of recorded building motion can
be used to determine the change in period during high amplitude motion [24]
as illustrated in Figure 4 and discussed later in this presentation. Time
history methods which determine transfer functions between ground motion and
building motion recordings can be used to determine building characteristics
[25,36] .

DYNAMIC TESTING

Some of the earliest test data consisted of measuring ambient motion and
using a building vibrator [1,9]. Beginning in the early 1960's synchronized
vibration generators with electronic speed control were developed [28,30]
that added more sophistication to the testing procedures. During the 1960's
a number of buildings were tested and analyzed for dynamic characteristics
[7,13,31,32,34,35,40]. Since 1964, URS/Blume has been under contract to ERDA
NV to conduct structural response studies and provide other services related
to safety. Following are summaries of three studies that were conducted under
that contract that relates to the subject of this presentation.

Las Vegas High-Rise Building Response to UNE at NTS

As part of the structural research program being conducted for the U.S.
Energy Research and Development Administration, Nevada Operations Office (ERDA
NV), by URS/John A. Blume &Associates, Engineers, the response behavior of
high-rise bui ldings in Las Vegas, Nevada, due to ground motion caused by under
ground nuclear explosions (UNE's) at Nevada Test Site (NTS) has been measured
and analyzed for the past 13 years [3,4,5,26,27]. There are approximately 40
buildings in Las Vegas which range in height from 9 to 32 stories and are lo
cated approximately 130 to 170 km from UNE's. Responses of these buildings
to UNE generated ground motion have been measured on one occasion or another.
Measurements range from a single three component accelerograph on a roof to a
multi-channel recorders with seismic signals from various locations on a build-
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ing, depending upon the availability of instruments. On one building over 40
measurements of building response have been obtained. On several occasions re
sponses to earthquake generated ground motion have also been measured.

The usefulness of the measured response depends on the types of data ob
tained and the availability of analysis technique. For the response measure
ments only on the roof, the data are limited to a time-history of roof motion;
extracted data include amplitudes of motion, natural periods of building, and
duration of building response. Any change in response behavior can be deter
mined by comparing period measurements from one event with those from other
events.

With a multi-location system, measurements of building response at vari
ous locations on the building as well as the input ground motion can be moni
tored simultaneously on a single magnetic tape. From these data, techniques
permit determination of complete dynamic characteristics of buildings [25,36].
Building characteristics thus obtained were used among others to evaluate the
accuracy of structural modeling techniques, to observe change in building char
acteristics over a period of time, and to evaluate the influence of architec
tural partitions and elements.

An Example of a 21-Story Building--Figure 1 shows the displacement-period
relationship observed on one of the buildings in Las Vegas [26]. Note the
dispersion of periods, which vary from 1.4 to 2.1 sec. The building is a 21
story reinforced concrete frame system with nonstructural concrete block filler
walls around the elevator and stairs. Although the period of the bare frame
system was not measured, it was calculated to be about 3 sec. It is quite evi
dent that the architectural filler walls, although not designed as such, are
acting as a lateral force resisting system. When the walls were first installed,
at a small amplitude of motion the stiffness contribution of the walls was
equal to the stiffness of the structural frame system. As time elapsed, the
contribution of the filler wal I was reduced causing the period to lengthen
Minor visible evidence of the separation of the concrete block walls from the
structure system was observed. The separation of the wall from the structural
system did not take place uniformly throughout the height of the building, but
concentrated on a few lower stories. Relative horizontal movement between the
soffit of the concrete beam and the top of the filler wall at one of these
lower stories was measured to be about 10% of the total roof motion during re
sponse to UNE's. Thus, the relative interstory drift at this story was sub
stantially greater than it would have been if the walls were reacting uniformly
throughout the height of the structure or if the walls were removed. This
means that the distribution of member forces throughout the building could be
considerably different than that for which it was designed.

Other Las Vegas High-Rise Buildings--Data from other buildings show how
periods change with ampl itude of motion, previous exposure to ground shaking,
and effects of the passage of time in addition to the effects of nonstructural
elements. Some of this data has been publ ished [3,4,5,19,26,27] and an effort
is being made to publish more in the future.

Four-Story Test Structures

The two four-story reinforced concrete test structures, which were con
structed in 1965 at the Nevada Test Site, are part of the ERDA structural re
sponse program associated with the detonation of underground nuclear explosions.
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The structures were built to obtain experimental data on the dynamic response
characteristics of high-rise concrete buildings [10,11,12,15,17,20,23].

Description--The test structures are 3.7 m (12 ft) by 6.1 m (20 ft) in
plan and consist of four 2.7 m (9 ft) stories. Four rectangularly tied corner
columns are 41 cm (16 in) by 36 cm (14 in). Spandrel beams are 36 cm (14 in)
by 30 cm (12 in) in the 3.7 m direction and 41 cm (16 in) by 38 cm (15 in) in
the 6.1 m direction. The floor slabs are 15 cm (6 in) thick, reinforced for
two-way action. The design of these structures was consistent with the 1963
edition of the American Concrete Institute Building Code [8]; design for later
al loads was based on horizontal static forces recommended by the 1961 version
of the Uniform Building Code (UBC) for Seismic Zone 3 [39]. Some provisions
for ductility and reserve energy absorption capacity [6] were also incorporated
into the design of these structures. In anticipation of the possible addition
al weight of testing equipment and nonstructural partitions, the actual dead
load plus 100 psf live load was used in computing the weight of each story for
the design lateral force calculations. Thus, when loaded with dead load plus
live load, the structures satisfied UBC Seismic Zone 3 requirements; but. when
only dead load was present (the most common configuration), these structures
had nearly twice the capacity of the 1961 UBC Seismic Zone 3. or approximately
the capacity required by the 1976 UBC Seismic Zone 4 [39]. The design and con
struction of the structures is discussed in detail in Reference 15.

Dynamic Tests--In the course of la-years, various methods of dynamic ex
citation were used to test the 4-story structures. The most frequent source
of dynamic excitation was the ground motion generated by the detonation of un
derground nuclear explosions at the test site. The ground zeros or epicenters
of these simulated earthquakes were located from less than 3 km (2 miles) to
more than 50 km (30 miles) from the test structures, producing ground motion
signals at the structures with a variety of amplitudes and frequencies. The
maximum roof displacement observed during over 40 underground nuclear detona
tions was approximately 2.5 cm. References 15 and 20 give additional data.

Another method of dynamic excitation was the pull-release procedure,
also known as a pull test. This method imposes a static horizontal deflection
on the structure by pulling with a predetermined force on a steel cable at
tached to the building and releasing this force suddenly, causing the struc
ture to experience free vibration. Although all modes were initially excited,
the fundamental mode dominates the response after the first few cycles of mo
tion. In the course of these tests, forces up to 40,000 N (9000 pounds) were
applied at various floor levels of the test structures, causing maximum dynam
ic roof displacements up to 0.5 cm. The principal advantages of this proce
dure are ease of field implementation and ease of data reduction to determine
the period or damping ratio under the recorded response motion. The pull-re
lease procedure was used during Test Series A through N [10,15,20]. Some
sample results are shown in Figures 2 and 3, and Table 1.

The 4-story test structures were also tested using counterrotating-mass
vibration generator built by URS/Blume [15] and reciprocating-mass vibration
generator built by Sandia [10]. These mechanical devices can produce approxi
mately steady-state harmonic motion and enable in-depth study of the response
of structures over a wide range of frequencies and amplitudes. Through the
use of these devices, it was possible to isolate and excite four structural
modes of vibration and determine the dynamic response characteristics of each.
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FIG. 2.--4-Story Test Structures-Period Data.
From Pull-Release Tests A through L, North (N) and South (5)
Structures, in the Longitudinal (N/S) and Transverse (E/W)
Directions. No Partitions Parallel to Direction of Motion.
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TABLE 1.--4-Story Test Structure Stiffness Characteristics at Lateral
Roof Displacement = 0.10 cm. From Pull-Release Tests A through L.
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SOUTH STRUCTURE

TEST EAST -WEST NORTH-SOUTH

SERIES
M
r

T K K
f K

p
Parti- Rock- Parti- Rock-

< r tions 1n9 T < K
r K

f K
p t10ns 1n9

A 1.00 0.385' 1.1 1.08 1.08 1.0 -- 5% 0.37* 1.2 1.17 1.17 1.0 -- 3%
B 1.02 0.425' 1.9 0.91 0.91 1.0 -- 0.34* 1.6 1.41 1.15 1.22 P
C 1.02 0.50 2.7 0.65 0.65 1.0 -- 0.40 3.0 1.02 0.83 1.22 P
0 1.02 0.51 2.0 0.63 0.63 1.0 -- 0.43 2.6 0.88 0.72 1.22 P
E 1.00 0.53* 2.7 0.57 0.57 1.0 -- 0.49* 2.1 0.67 0.67 1.0 --
F 1.14 O.34±* 3.5± 1.58± 0.57 2.8 C8 9% 0.47 1.5 0.82 0.67 1.22 -- 2%
G 1.14 0.44± 2.2 0.94± 0.57 1.65 CB 0.51 1.9 0.70 0.67 1.05 --
H 1.14 0.48 2.2 0.79 0.57 1.4 C8 3% 0.50 1.8 0.73 0.67 1.09 -- 3%
J 1.17 O.36±* 2.8 1.45± 0.57 2.5 CBP 8% 0.47 1.7 0.85 0.67 1.27 -- 1%
K 1.17 0.42 1.9 1.06 0.76 1.4 CBP 6% 0.44 1.5 0.97 0.85 1.14 -- 2%
L 1.00 0.47 1.5 0.72 0.72 1.0 -- 3% 0.46 1.3 0.76 0.76 1.0 -- 1%

NORTH STRUCTURE

TEST EAST -WEST NORTH-SOUTH

SERIES Mr T < Kr Kf K
p

Parti - Rock- T < Kr Kf K
p

Parti - Rock-
tions 1n9 tians 1n9

A 1.00 0.393* 1.1 1.04 1.04 1.0 -- 9% 0.388* 1.4 1.07 1.07 1.0 -- 5%
B 1.10 0.385* 3.3 1.19 0.85 1.40 G 0.35* 3.7 1.43 1.03 1.39 G
C 1.10 0.48 3.9 0.76 0.62 1.23 G 0.44 4.9 0.93 0.75 1.24 G
0 1.10 0.49 3.9 0.73 0.61 1.20 G 0.42 4.7 1.00 0.75 1.33 G
E -- -- -- -- -- -- -- -- -- -- --
F 1.10 0.48± 3.6 0.76± 0.60 1.27 G 6% 0.45 4.4 0.87 0.70 1.24 G 2%
G 1.10 0.51 4.3 0.68 0.60 1.13 G 0.44* 5.0+ 0.93 0.70 1.33 G
H 1.06 0.53 1.9 0.60 0.60 1.0 -- 3% 0.45 4.5 0.84 0.70 1.20 G 2%
J 1.17 0.30± 4.1 2.08± 0.60 3.5 HCT 12% 0.40* 4.6 1.17 0.70 1.20x G 3%

1.40=
1.67

K 1.17 D.33±* 2.7 1.72± 0.70 2.5 HCT 12% 0.40 4.6 1.17 0.85 1.20x G 5%
1.15=
1.38

L -- -- -- -- -- -- -- -- -- -- -. --
*Extrapolation

relative generalized mass
fundamental period of vibration
%of critical damping
relative generalized stiffness for the overall building
relative generalized stiffness for the bare frame
Kr/Kf and represents the stiffness effects of the partitions. Kr/Kf is equal
to 1.0 when there are no partitions

Partition Content: CB = Concrete block, CBP = Concrete block with plaster coat,
P = Plywood, G = Gypsum wallboard, and HCT = Hollow clay tile
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The counterrotating-mass device was used in addition to pull tests during Test
Series C, D, F, H, L, and N [15,20], and the reciprocating-mass device was used
during Test Series 0 [10,11,12].

For very quick and approximate determination of the fundamental mode peri
od and damping ratio, the man-induced vibration technique was used. In this
method, a man sways his body back and forth in approximate resonance with the
fundamental mode. Because of the large dynamic amplification factor of these
lightly damped structures, motion at and above the human perceptibility level
can be produced [16].

High Ampl itude, Destructive-Level Tests--The vibration tests described
above have provided much information on the dynamic response of concrete frame
structures at pre-yield amplitudes. Maximum stresses experienced by these
structures during the vast majority of the tests conducted through 1973 were
well below working stress levels; however, at least one UNE may have generated
sufficient structure motion to cause yield stresses in some of the reinforcing
steel. Although no serious damage to the structure was observed, there was
minor damage to some nonstructural partitions. In 1973 planning began for
high-amplitude, destructive-level vibration testing to gather data on the dy- •
namic response of a full-scale reinforced concrete structure. The lack of ex
perimental data in this area suggested that such a study would be especially
valuable because it could yield new information about structural response as
structural damage and inelastic behavior were experienced. Data on the Sandia
vibration generator and the high amplitude testing are given in References 10,
11, and 12.

~--In the course of the vibration tests of these structures, a
great variety of instrumentation and recording procedures were used to measure
the horizontal and vertical motion of the floors. Velocity and acceleration
time histories of motion were recorded both on paper strip charts and analog
tapes. Many analog records have been digitized and transferred to computer-
i zed magnet i c tapes for further ana 1ys is. In the ea r ly years of the tes t i ng
program, hand analysis of the strip charts was the only reliable method for de
termining the response characteristics of the structure (i.e., period, damping
ratios, mode shape, and maximum amplitude of response). With the improvement
of digitization and computerized analysis techniques, the manual methods have
played a less significant role and a time domain analysis technique [36] has
been used to compute response characteristics.

The results of the testing programs have demonstrated the time- and ampli
tude-dependent nature of the dynamic characteristics of the reinforced concrete
structures. Prior to the high-amplitude testing, measured fundamental periods
of vibration ranged from 0.37 second to 0.55 second for the bare frame struc
tures. When nonstructural partitions were installed, periods were reduced in
some cases to less than 0.30 second. During the high amplitude testing, where
yielding and damage were induced, the period lengthened to 0.9 second. Prior
to the high amplitude tests, damping was approximated at values ranging from
1% to 3% of critical for the bare frame and up to 5% with partitions. The high
amplitude testing indicated damping up to 4% of critical for the bare frame
structure.



San Fernando Earthquake

There were 66 h.igh-rise buildings in the major Los Angeles area that were
instrumented with strong-motion accelerographs at the time of the February 9,
1971, San Fernando earthquake [33]. About one-half of these had valid records
at the three instrumented floor levels (roof, mid-height, and ground floor).
Reports on the investigation and analysis of eleven of the instrumented build
ings are included in Reference 33. Six of these bui ldings have reinforced
concrete structural systems. One is a ductile moment resisting frame, four
are moment resisting frame systems, and one has a shear wall system.

Description of Two Identical HoI iday Inn Buildings--Two of the above rein
forced buildings are Holiday Inn Motor Hotels, one located in Van Nuys (Orion)
about 20 km (13 miles) south of the epicenter, and the other located in Los
Angeles (Marengo) about 40 km (26 miles) south of the epicenter [21,24,33].

Both of the buildings are seven-story reinforced concrete frame structures
that are approximately 19 m (62 ft) wide and 46 m (151 ft) in length. The
buildings were designed by the same engineer and architect and were built for
the same cl ient. Both sets of drawings are dated late 1965. The only differ
ences are in bui lding orientation and elevator location. With the exception
of the framing at the elevator openings, the reinforcing and dimensions of the
bui ldings are identical. The differences due to the elevator location have a
negligible effect on the structural characteristics of the buildings.

1527

Column spacing is typically at 6.1 m (20 ft) centers In the transverse di
rection and 5.8 m (19 ft) centers in the longitudinal direction. Spandrel beams,
typically 36 cm (14 in) wide and 58 cm (23 in) deep, are located around the
perimeter of the structure. The floor system is a reinforced concrete flat
slab, 20 cm ( 8 in) thick at the roof, 21 cm (8-1/2 in) thick at the 7th through
3rd floors, and 25 cm (10 in) thick at the 2nd floor.

The structures are constructed of regular weight reinforced concrete.
Lateral forces in each direction are resisted by the interior column-slab
frames and by the exterior column-spandrel beam frames. Each exterior frame
is roughly twice as stiff as each interior frame because of the added stiff
ness afforded the exterior frames by the spandrel beams.

The interior partitions, in general, are gypsum wallboard on metal studs.
Cement plaster of 2.5 cm (1 in) thickness is used for the exterior facing at
each end of the building and at the stair and elevator bays on the long side
of the bui lding. The cement plaster is supported by double 16-gage metal
studs. Four bays of brick masonry filler walls, as well as some additional
cement plaster walls, are located at the 1st story. Although none of these
wall elements are designed as part of the lateral force-resisting system, they
do contribute in varying degrees to the stiffness of the structure.

Recorded Motion of the Holiday Inn Bui ldings--Peak horizontal ground ac
celeration was measured at about 0.25g at Orion and 0.15g at Marengo. The
peak roof acceleration was measured at about 0.40g for both structures; however,
at the peak building response the Orion building was responding at a longer
fundamental period (1.6 sec) than the Marengo building (1.1 sec). The maximum
horizontal roof displacements were approximated at 19 cm (7 in) at Orion and
11 cm (4 in) at Marengo. The fundamental periods were observed to vary during
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the earthquake motion ranging from 0.6 sec during the early portion of the rec
ords to the longer periods at the later portion of the recorded motion. An
illustrative representation of the change in period is shown in the spectral
acceleration contours and profiles of Figure 4.

These periods were compared with values obtained from previously recorded
ambient motion as well as motion recorded after the earthquake, and are summa
rized in Table 2 (V.N. is Orion and L.A. is Marengo). Table 3 summarizes cal
culated fundamental periods using bare frame mathematical models as well as
mathematical models that approximate the participation of nonstructural elements
[21,22,24]. A graphical representation of displacement versus period is shown
in Figure 5 and a graphical representation of acceleration versus displacement
is shown in Figure 6. A detailed explanation of this data can be found in
References 21, and 24.

Results of the Hoi iday Inn Study--The investigation of these two struc
tures has been fairly extensive; fortunately there was a good supply of data,
the buildings have relatively uncomplicated features for ease of analysis [21,
24], and there was a reasonable amount of funds available to perform the in
vestigation. The results indicated that both structures exceeded their elas
tic limit threshold during the earthquake and have suffered permanent losses
of stiffness. On the basis of the analysis, one would have expected more dam
age than was actually observed. Peak accelerations were 4 to 5 times design
levels and displacements were estimated at 8 to 15 times design level. The
cost of damage repairs was about 11% of the initial construction cost for the
Orion building and 7% for the Marengo building; however, essentially all this
cost was for nonstructural damage such as partitions, bathtubs, bathroom tile,
etc. Structural repair amounted to only about 1% to 2% of the total repair
costs. The results of the investigation illustrated how the period changed
with amplitude of motion and how the stiffness degraded. Ambient period mea
surements should be used with caution, the participation of nonstructural
elements must be considered, and methods of modeling stiffness characteristics
(e.g., cracked section, uncracked section, slab participation) must be estab
lished.

FUTURE NEEDS

Following is an outline that might be used as a guide for a discussion
on future needs in the field of instrumentation and dynamic testing of real
reinforced concrete buildings.

A. Consolidation of Existing Response Data

1. Instrumentation data
2. Analysis data

B. Normal ization of Data for Direct Comparison

1. Methods of modeling reinforced concrete structures
2. Ampl itudes of motion versus period of vibration
3. Damping
4. Other dynamic response parameters
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TABLE 2.--0bserved Fundamental Periods (Sec) for the Holiday Inn Orion
(V.N.) and Holiday Inn Marengo (L.A.)

Transverse Long itud i na 1

V.N. L.A. V.N. L.A.

Pre-Earthquake 0.48 0.49 0.52 0.53
V.N. 2/16/67
L.A. prior to 4/8/68

Early Portion 0.70 I 0.63 0.70 0.60
Earthquake
2/9/71 Late Portion 1.6 1. 15 1.5 1.1

Post-Earthquake 0.68 0.63 0.72 0.642/71 and 3/71

Aftershock
3/31/71 1.1 - - 1.2 --
Pos t-Repai r
5/27/71 0.58 - - 0.64 - -

TABLE 3.--Calculated Fundamental Periods (Sec) for the Holiday Inn Orion
(V.N.) and Holiday Inn Marengo (L.A.)

Transverse Longi tudi na1

Structural
Frame Only* 0.88 (T-2)** 0.79 (L-2)

f----------

With Partiti ons
Modeled as 0.83 (T2-P)
Oi agona1 Struts

Partitions as Struts
and Cement-Plaster 0.54 (T2-PW) 0.68 (L2-PW)
as a Shear Wa 11

Additional Cement-
P1 as ter Wa 11 Included -- 0.63 (L2-PW2)

*Based on beams and slabs @ 9ross concrete section, slab width
@60% tributary width, and columns @gross transformed section.

** Letters in parentheses identify the model being used.
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C. Review of Existing Instrumentation and Make Recommendations for Instrument
Locations and Arrays [37]

D. Evaluate Present Analysis Procedures and Make Recommendations for Standard
ization of Analytical Procedures

E. Standardizing Terminology (e.g., relating to amplitude of motion with the
following)

1. Elastic response
2. Elastic limit
3. Per iod
4. Damping
5. Ultimate strength
6. Nonlinear response

F. Recommendations for Future Test Programs

1. Structures
a. Existing bui ldings
b. Test structures

2. Testing
a. Nondestructive testing
b. Destructive tests
c. Repairing damage and retesting

G. Goa Is

I. Develop criteria and procedures for determining dynamic characteris
tics of reinforced concrete structures

2. Develop procedures to identify and determine the various stages of
load deflection cycles (e.g., elastic limit and ultimate strength) of
reinforced concrete structures

3. Develop procedures to determine the effect of prior loading on future
responses

4. Damage-cost relationships

CONCLUSIONS

A great amount of test data and analyses are available. The challenge is
how to make the best use of this information and to direct future work towards
a goal that will help us better understand how reinforced concrete structures
respond to earthquakes so that we can improve design and construction practices.
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SUMMARY

In an attempt to improve understanding of the earthquake response
of reinforced concrete buildings, about one hundred such structures
throughout the world have been tested or instrumented in some manner.
Predictions of dynamic characteristics have been compared with observed
behavior when excitation is provided by wind or other ambient excitations,
by a controlled forced vibration exciter or by strong earthquake motions.
For some buildings experimental results are available from more than
one type of excitation.

In this article references to the various testing techniques and
their results are given and, in particular, the trends exhibited by forced
vibration tests are summarized. In addition, interpretations are made
of response to strong ground motion and suggestions are advanced for
further experimental testing of full-scale structures. The greatest needs
are for the quantification of the capacity of reinforced concrete struc
tures to resist strong ground motion and for additional experimental
investigations of soil- structure interaction in buildings of the shear-wall
type.

INTRODUCTION

In the last twenty years the improved availability and capabilities
of high speed digital computers, which have allowed increasingly sophis
ticated mathematical models of structures to be used in the seismic
design process, has been paralleled by the development of finely con
trolled exciting apparatus and sensitive response detection equipment.
This modern instrumentation has made possible detailed experimental
investigations on prototype structures, with the object of verifying
assumptions made at the design stage and increasing our understanding
of dynamic response in general.

Although the principles of vibration measuring instruments have
been described thoroughly in classical texts in mechanical vibrations,
only relatively recently have reliable field instruments suitable for
testing of buildings been available commercially. Similarly, effective
steady-state testing only became a practical possibility when speed
control systems were developed, to ensure a satisfactory level of
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performance in the adverse conditions near structural resonance. These
developments have been fostered, in part, by an increasing interest in
full-scale testing that has developed over the last fifteen years [IJ. At
the present time well-proven excitation systems and measuring appara
tus are available from commercial sources and increasing activity in the
area of dynamic testing of full-scale buildings is expected.

EXCITATION SOURCES

Provided that sensitive transducers are available, a convenient
technique used to establish the small amplitude natural periods and
corresponding deflections of structures is to measure the response to
wind or microtremor excitation. Difficulties arising from the presence
of "noise" from traffic or mechanical equipment, from the complexity
of the building, and from the effects of the non-stationary, gusting,
characteristic s of the wind have been recognized, and good correlation
usually has been obtained between observed and predicted responses of
reinforced concrete buildings [2-7J. However, in the field of earthquake
engineering the relationships between small amplitude vibration proper
ties and strong motion seismic response is not sufficiently well esta
blished that ambient testing is preferred to alternative procedures in
which larger amplitudes of motion occur. It is difficult to extrapolate
from the amplitudes of an ambient test to that of earthquake response
and the testing method giving the largest allowable amplitudes is
recommended.

Spring-back tests involve the imposition of an initial deflection on
a structure, typically by way of a tensioned cable or rocket thrust
generator, and the subsequent recording of the free vibrations of the
system when the additional load is suddenly released. This technique
has been used with success on certain categories of structures, including
tall chimneys and towers, but the magnitude of the forces necessary to
apply significant distortions to reinforced concrete buildings has dis
couraged its application in this field.

Forced vibration testing using variable frequency exciters enables
steady-state conditions to be achieved; the steady-state response permits
determination of natural frequencies, mode shapes and damping. The
latter variable is particularly hard to determine from ambient tests.
Several rotating mass shakers have been developed, those having a
vertical axis being restricted to generating horizontal loads, whereas
machines with horizontal axes can be used to excite either horizontal or
vertical oscillations [1,8, 9J. Although the capacity of available shakers
is insufficient to vibrate full-scale reinforced concrete structures into
the range of damage or collapse, sinusoidal forces of a few tons magni
tude can be generated and building deflections several times greater than
those arising under ambient conditions can be imposed. Synchronous
operation of more than one shaker can facilitate investigations of tor
sional dynamic properties, as well as simplifying the study of transla
tional modes of vibration.

Artificially generated strong ground motion from explosions has
been used on several occasions to vibrate reinforced concrete buildings
[ 10,12 J• Good correlation between the observed elastic re sponse and



that detertnined using tnathetnatical tnodelling techniques has been
reported.

The tnost realistic tests, conducted by recording the actual
behavior of buildings when subjected to strong ground tnotion generated
by a natural earthquake are necessarily infrequent. It is only in the
last decade that arrangetnents have been successful to install strong
tnotion recording instrutnents in over one hundred structures throughout
the world. To the titne of writing only the 1971 San Fernando earth
quake has provided tnore than a few satnples of response; even on this
occasion no instrutnented building was close to that area which
experienced the tnost severe intensity of ground shaking, and the several
structures that were severely datnaged, or collapsed, were not instru
tnented [llJ. It is to be expected, however, that the continuing progratns
of instrutnent installation and tnaintenance will ultitnately yield reliable
evidence of the loads and tnovetnents as sociated with the earthquake
response of severely datnaged structures.

MEASUREMENT

The difficulties encountered in attetnpting to tneasure absolute
deflections in a building vibrating with frequencies in the one to ten
hertz range have resulted in detection equiptnent being selected with
careful regard to the object of the investigation. Where relative tnotions
are the pritnary requirement, as in detertnining natural modes frequen
cies and tnode shapes, velocity type instruments such as standard
Willtnore or Ranger seismotneters have frequently been used. These
units have the advantage of high sensitivity and convenient operation but
are difficult to calibrate if absolute atnplitudes of displacetnent are
required. For tnoderate levels of responses, Statham accelerotneters
capable of convenient ab solute calibration have proven useful [13, 14 J .
Where sufficiently large responses are available, as in a major earth
quake, specially developed instrutnents [15 J tnay be used and the dis
placetnents calculated frotn the tneasured accelerations.

The apparatus used to record building vibration has included chart
recorders, tnultichannel oscilloscopes, filtn, magnetic tape recorders and
integrated data processing systems providing digital output directly.
The increasing sophistication of the equiptnent provides a vastly improved
data handling capability, in return for tnuch larger initial costs.

RESONANCE TESTS

The objectives of forced vibration testing are basically two-fold.
The experitnentally determined tnode shapes, frequencies and datnpings
can verify the accuracy of the assumptions tnade at the design stage
and lead to improvetnent in future designs through better understanding
of the dynatnic behavior of buildings. Secondly, if the dynamic proper
ties are established experitnentally both before and after a structure
experiences strong ground shaking, SOtne of the effects of this experience
may be inferred frotn changes in these measured properties.
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A Brief Review of Resonance Testing Abroad

Japanese experience in resonance testing has included shaking tests
on reinforced concrete and reinforced-concrete, steel-composite framed
buildings. From these tests, average values of modal damping were
determined and expressions for the modal periods as a function of
building height were proposed [16J. Efforts to clarify the soil- structure
interaction effect, which is of particular importance for the many rela
tively stiff Japanese buildings founded on relatively soft ground, has
included the forced vibration testing of a stiff six story building, which
showed that rocking vibration can predominate [17, 18 J. Intere sted
reader s are referred to the literature for details of the extensive
Japanese testing program.

Investigations in New Zealand have included comparison of pre
dicted dynamic properties with measured ones for a framed building
with spandrel beams [19,20J, for four shear-wall buildings [21,22J and
for a simple framed structure [23].

Hand shaking excitation of a sixteen floor apartment building
enabled the two first mode translation frequencies to be established.
The measured values lay between those predicted in the design when
plane frame axial deformation effects were firstly neglected and
secondly included. Correlation better than 10% was obtained when the
first mode periods were recalculated using an increased value of elastic
modulus and including the flange action of the exterior frames trans
verse to the direction of movement when determining the structural
stiffness [19J. The requirement to include flange action in buildings of
the type tested, in which virtually all the lateral resistance is provided
by the perimeter frames, was probably the lXlOst significant result
derived from this test. The necessity for including the effects of
shearing deformations in deep beam reinforced concrete frames - as
distinct from shallow girder frames - had been recognized at the design
stage [20 J.

Steady state resonance testing has been undertaken on one six
story [21 J and three adjacent eight story buildings [22J, each being of
the pierced shear-wall type. Five modes of vibration were examined in
the lower building and a total of seventeen in the eight story complex
(Figure 1). It was established that whereas the dynamic characteristics
of the structural system may be predicted reliably, the effects of soil
structure interaction proved difficult to assess with any degree of cer
tainty. Damping of up to 10% critical was measured and foundation
compliance contributions of almost 40% of the maximum top story
deflection were noted.

Forced vibration into the post-elastic range of a two story full
scale reinforced concrete frame has been accomplished using a variable
speed exciter mounted on the frame [23J. The structure was designed
and erected to the standards applicable some ten years ago, consequently
it is anticipated that the observed performance of the test frame will be
representative of that which could be expected of a typical building
erected in the same period. As no recent New Zealand earthquake has
resulted in even moderate shaking of reinforced concrete buildings, no



comparisons with seismically loaded frames are available locally. How
ever, the damage sustained by the tested frame corresponds well with
that observed as a result of earthquake activity elsewhere. Specifically,
structural damage in the form of slip across construction joints, column
bending cracks and shear cracks in the beam-column joints and signifi
cant stiffness degradation was observed. The dynamic load at which
definite inelastic behavior was recorded was found to be very much less
than the equivalent static lateral load on which the elastic seismic
design had been based. Additionally, the frame was found to exhibit
marked torsional response despite symmetric disposition of the excitation
force and the assessment that the intended symmetry of the structure
was achieved satisfactorily in erection.

Resonance Testing in the United States

Resonance testing in the United States be$an with a series of tests
in the 1930's by Jacobsen, Blume and Carder L24J. The primary pur
pose of these early tests was to determine the natural periods of
buildings. Another test, using basically the same equipment, was per
formed by Alford and Housner in the early 1950 r s [25 J. More extensive
and detailed resonance testing, which included the accurate determination
of damping and mode shapes, began in the early 1960's. This advance
was made possible by the development of vibration generators capable of
very accurate frequency and phase control, and with the feature of being
able to operate in concert [1J. Although there has been continued
activity in full-scale resonant testing of structures for the past fifteen
years, most of the tests have been conducted on steel-framed buildings,
and apart from nuclear reactor structures, which are excluded from the
present discussion, the num.ber of resonance tests of reinforced concrete
or reinforced masonry buildings is limited. The structures tested include
the four- story reinforced concrete building built in 1923 that was studied
by Alford and Housner [25 J and tests of the Pioneer building, an old
(1910) reinforced concrete building in "downtown Los Angeles, by
Englekirk and Matthiesen [26J. Tests of modern structures include
studies by Nielsen [27J of a five-story reinforced concrete building,
two series of tests of Caltech's Millikan Library [13,14, 28-30J, and an
investigation of an eleven-story reinforced masonry building by Stephen,
et al. L31J.

A common feature of all of the more recent tests has been the
experimental determination of the natural frequencies, m.ode shapes and
damping for the fundamental modes of the structure, i. e., longitudinal,
transverse and torsion. In addition, similar properties of as m.any of
the higher modes that could be excited have been measured. The limi
tation of the equipment usually employed to frequencies less than 10
hertz prevents the study of m.odes with frequencies above this number.
The resonance response of the structures during typical tests far
exceeds normal wind response, and the motions, if not limited, can
easily be felt by the occupants. The acceleration levels vary from less
than .005 g to as m.uch as .02 g. These accelerations are associated
with maximum displacements of the buildings on the order of 0.3 mm
to 2 mm. It is seen then that these motions, although much stronge.r
than achieved in ambient testing, are on the order of 20 to 100 tim.es
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smaller than measured earthquake response, and still considerably lower
than the response levels that would be associated with major structural
damage.

Selected results from several of the vibration tests are shown in
Figures 2 through 5; these figures illustrate SOIne of the major features
of the experiments. Perhaps the most significant result is the extent
of soil-structure interaction that can occur in the fundamental modes of
the buildings; interaction appears to be much more important for con
crete or masonry structures, particularly those that are essentially
shear wall buildings, than it is for steel buildings. The most detailed
studies of soil-structure interaction are those done on Millikan Library
[13,14, 2S-30J. For this building, Kuroiwa and Jennings [13, 2SJ reported
that soil- structure interaction was negligible, accounting for about 3'10 of
the total roof motion during resonance in the fundamental E-Wand N-S
modes. Later, after the San Fernando earthquake of February 9, 1971,
foundation translation and rotation were found to contribute much more to
the roof motion, 30'10 in the case of the N-S fundamental mode [14,29,
30 J. Because the accompanying changes in period are consistent with the
changes in mode shapes, and because the amount of interaction now
present is consistent with simple analytical models of the building- soil
system [14J, it is concluded that the change in the degree of interaction
is probably due to fracturing of some of the brittle elements surrounding
the structure, which include retaining walls, walkways and a small plaza.
The amount of interaction now shown by Millikan Library is consistent
with that noted for a concrete shear-wall structure by Reay and Shepherd
[zzJ, for a reinforced masonry shear wall structure by Stephen, et al.
[31J, and by Kawasumi and Kanai [lSJ. Significantly less interaction,
contributing about 610 to the roof motion, was reported by Nielsen for a
concrete-framed building [Z7J.

Another result seen in the tests is the change of resonant :e.eriod
with amplitude. This is shown clearly in the result by Kuroiwa L13, zsJ
shown in Figure Z. This effect has also been noted by Nielsen [nJ and
by other investigators. The amount of change of period is typically of
the order of 3 or 4'10 over the range of amplitude of testing, which is a
factor of 5 to 10. This amount of change is itself not significant, but it
does indicate the possibility of substantial decreases in period during the
much larger response levels expected during earthquake response. The
feature was confirmed by records obtained during the San Fernando
earthquake.

The measured response of buildings is the only way to determine
values of damping, as methods to calculate it are still in the earliest
stages of development. For concrete structures, the forced vibration
tests typically show values for fundamental modes of vibration ranging
from 1 to 3'10 of critical, with a clear tendency toward increasing values
of damping with increasing amplitudes of response. Exception to this
general trend are higher modes, which usually show somewhat higher
values. Also, one feature of the tests reported by Stephen, et al. [31 J
was the high values of damping, approaching 910, that were observed for
modes .with relatively large amounts of interaction. It should be realized
that these values of damping are only representative of the amplitude
levels of the tests. It is generally not possible to extrapolate these



values with confidence to the higher amplitudes of earthquake motion;
such values of damping are best obtained from the analysis of measured
earthquake response.

The presently used techniques of resonant testing are capable of
defining in significant detail the deformation of a structure as it vibrates
in its resonant modes. To date, the most detailed results have been
presented by Foutch, et al. [14, 29J, who measured three components of
motion at each of 50 points, for each of six levels of Millikan Library.
With these measurements he was able to measure the out-of-plane and
in-plane deformations of the floor slab s, the nature of the interaction
between shear-walls and the frame, and other details of structural
response. The amount of in-;j>lane motion of floor slabs was also
measured by Stephen, et al. L31J who noted that for structures in which
the in-plane stiffness of the floor is comparable to or less than the
stiffness of the lateral load resisting system, the assumption of in-plane
rigidity of floor slabs may be invalid.

MEASUREMENTS OF EARTHQUAKE RESPONSE

The instrumental records of the response of buildings to strong
ground shaking come almost exclusively from the San Fernando earth
quake [11,32J. Over fifty multistory buildings provided sets of
accelerograms from the earthquake, and many of these structures were
of reinforced concrete construction. The records included some buildings
shaken strongly enough to receive structural damage, although none of
the few concrete buildings that collapsed or were irreparably damaged
were instrumented. The measured levels of maximum acceleration
varied from a few percent of gravity to over 400/0 g, with many buildings
receiving shaking of the order of 20 % g. The maximum deflection of
the structures varied, of course, but interstory displacements of 10 to
20 mm were achieved by many instrumented structures. Selected
samples of accelerograms and derived displacement records obtained in
reinforced concrete structures during the San Fernando earthquake are
shown in Figures 6, 7 and 8 [33,34J.

One of the most noted results from the building records obtained
during the San Fernando earthquake was the clear evidence of lengthening
of the natural periods of vibration. This increase in period took two
forms. First, there was a general increase in periods shown in earth
quake response over those found from ambient or forced vibration tests.
This had been anticipated from the behavior of structures during
resonance tests, but the magnitudes of the changes, some as great as
500/0 or more, were larger than most engineers anticipated. Secondly, in
some records it is clear that there is a lengthening of the natural period
during the earthquake response itself. This behavior can be seen upon
careful examination of the responses of the Holiday Inn and Millikan
Library, shown in Figures 6 and 8. It is thought that this decrease in
stiffness during the earthquake is the result of a combination of cracking,
non-structural damage and, in some cases, minor structural damage.
This conclusion is supported by the tendency of the periods shown during
earthquake response to be in agreement with those calculated considering
only the structural resistance of the building. The rather large changes
in period that a structure can show under the forces of wind, resonance
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testing and different levels of earthquake excitation point to the necessity
of considering the natural periods of individual buildings as temporal
quantities associated with substantial degrees of uncertainty.

As mentioned previously, the increase in damping values with
increasing amplitudes of response observed in resonance tests indicates
that the damping observed in the tests may be much lower than that
shown in the earthquake response of structures. This fact was demon
strated clearly by the analyses made of individual building responses to
the San Fernando earthquake [32, 34-36J. These analyses showed that
the buildings typically exhibited effective viscous damping values- ranging
from 5 to 10 percent or more, with the higher values associated with
the larger amplitudes of response. This trend in the effective damping
values exhibited by reinforced concrete buildings is seen also in the
result shown in Figure 9 which is taken from a recent study by Hart
and Vasudevan [37 J. This figure shows the relation between damping
values and the level of the undamped response spectrum of the accelero
gram recorded at the base of the building. The results show that the
damping values developed in the San Fernando earthquake ranged from
2 to 12%, with a tendency for concrete structures to show larger values
than steel buildings. As a final note, it is emphasized that the concept
of equivalent viscous damping is a convenient way to describe what is,
in fact, a very complex, poorly understood process by which buildings
dissipate energy. The concept appears adequate for earthquake response
up to levels associated with minor structural damage, but it is generally
agreed that it is not adequate for larger levels of response. For larger
response, in which significant damage is expected, a more direct con
sideration of the energy dissipation in the structure is recommended.

An examination of the analytical investigations of the earthquake
response of eleven instrumented buildings, including six of reinforced
concrete, was made by Gates [35] in the same volumes where these
studies are presented [32J. In addition to some of the items noted
above, Gates makes some important points applicable to reinforced
concrete structures, which are paraphrased below.

1. Modern analytical techniques can reproduce adequately
the recorded earthquake motions of the buildings, and
these same techniques can be applied effectively in
design.

2. All of the buildings, including those of reinforced
concrete, experienced force levels greater than the
design values of the code, in some cases the response
was large enough to cause significant yielding and
nonlinear response.

3. Building displacements ranged from two to four times
the values computed for the design forces prescribed
by the code. These large story drifts produced sig
nificant cracking of partitions in all the buildings.



The response of reinforced concrete buildings during the San
Fernando earthquake and the c01nparison of earthquake response to that
under code forces makes it clear that the relation between the seismic
design criteria for a building and the actual capacity of the structure
needs to be investigated. The results of some research in progress on
this question at the California Institute of Technology are shown in
Figure 10. The figure is limited to reinforced concrete buildings and
shows three quantities for each lateral direction of vibration of several
structures. The abscissa of the figure is the period of vibration
observed during the earthquake. The ordinates plotted are the base
shear used in design, expressed as a percentage of gravity, the base
shear experienced during the earthquake as determined from the dis
placement of the building in the fundamental mode, and the maximum
acceleration at the top of the building, given by the strong-motion
accelerometer. Buildings which showed structural damage are indicated
by ticks. The data in Figure 10 are too few to define trends precisely,
but there is clear evidence that, on average, reinforced concrete struc
tures are capable of withstanding base shears three or more times the
values used in design before structural damage becomes significant. It
is expected that the structures could have withstood substantially larger
responses without being in danger of collapse. As more data accumulates
on the response of buildings to strong earthquake motion, plots such as
these should help quantify the degree of conservation that is implicit in
modern building codes and design procedures. This knowledge is
essential to a realistic determination of sei smic hazard.

A major earthquake strongly shaking a large number of instrumented
buildings has not yet occurred in Japan, but records obtained on instru
mented structures in Japan during moderate ground shaking indicate that
the measured acceleration at the base of one reinforced concrete building
was less than that recorded on the ground surface nearby, whereas that
at the top of the building was two to four times larger than that recorded
at the base [17 J. A tendency for longer modal periods and larger
damping to be exhibited by buildings shaken by ground motion rather
than dynamic exciter is also reported [16], as is the fact that in earth
quakes the maximum acceleration does not necessarily occur at the top
floor. The reliability of response predictions based on carefully selected
mathematical models was confirmed by studies of measurements made
in two different earthquakes [38J. A similarly satisfactory result has
also been reported from Yugoslavia [39J.

DISCUSSION

This brief sUIIllIlary of experimental results for reinforced concrete
structures reveals a number of areas where research on full-scale
structures is needed to clarify the ability of such buildings to withstand
strong earthquake motions. Foremost among these is the fact that the
response of a building subjected to extremely strong shaking has not yet been
measured. Thus, we are lacking the full-scale verification that modern
methods of analysis and design are leading to structures which perform
as intended under severe loading. Although many buildings are now
instrumented to give useful data if subjected to strong shaking, the
well-known problems of instrumenting for earthquake response have so
far precluded the detailed instrumentation of any single building. It may
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be possible, however, in the near future to do this, and recover from
the earthquake response information concerning the mechanics of plastic
hinge formation, the behavior of seismic joints, the progress of deterio
ration, the load redistribution during the progression of damage, and
other needed data.

Another related topic concerns the amplitude dependent charac
teristics of reinforced concrete structures in the range of response up
to and including minor structural damage. This response can be
described for many purpose s by linear mathematical models, in parti
cular such models are useful in analyses for design. It is important in
using such models, however, to employ realistic values of natural
periods and damping. The present data is sufficient to establish general
trends of these quantities with amplitude, but more data is required to
determine the most appropriate values to use for a given structure.

Reinforced concrete shear-wall buildings, reinforced masonry
buildings, and other structures such as in-filled frames which respond
to ground motion as shear-wall structures show a much larger degree
of soil- structure interaction than has been observed in steel-frame
or concrete-frame buildings. The data are too few to draw definite
conclusions, but it does appear fairly clear that when such structures
are founded on alluvium, the amount of soil- structure interaction can be
large enough to influence significantly the earthquake response. Inter
action of this amount should be considered in design, as the periods,
deflections, and drifts can be affected substantially. The amount of
soil- structure interaction and the details of the rotational and transla
tional compliances of the foundation are recommended as central parts
of future tests of reinforced concrete buildings.

ACKNOWLEDGMENTS

The authors wish to express their appreciation to the National
Science Foundation for financial support under Grant No. ENV74-19135
AO 1. The effort of Albert Ting, who performed some of the calculations
reported above, is also acknowledged. Any opinions, findings, and con
clusions or recommendations expressed in this paper are those of the
authors and do not necessarily reflect the views of the National Science
Foundation.

REFERENCES

1. Hudson, D. E., "Resonance Testing of Full-Scale Structures,"
Journal of the Engineering Mechanics Division, ASCE, vol. 90, no.
EM3, June 1964, pp. 1-19.

2. Crawford, R. and Ward, H. S., "Determination of the Natural Periods
of Buildings," Bull. Seism. Soc. Amer., vol. 54(6), Dec., 1964,
pp. 1743-1756.

3. Crawford, R. and Ward, H. S., "Wind Induced Vibrations and
Building Modes," Bull. Seism. Soc. Amer., vol. 56(4), Aug. 1966,
pp. 793-811.



4. Blandford, R. R., McLamone, V. R. and Aunon, J., "Structural
Analysis of Millikan Library from Ambient Vibration," Earth
Sciences Report, Teledyne Company; Feb. 1968.

5. Cherry, S. and Topf, D. A., "Determination of the Dynamic
Properties of a Tower Structure from Ambient Vibrations,"
Structural Research Report, D.B.C., Vancouver, Sept. 1976.

6. Taoka, G. T., Hogan, M., Khan, F. and Scanlan, R. H., "Ambient
Response Analysi s of Some Tall Structures," Proc. ASCE, vol. 101,
no. STl, Jan. 1975, pp. 49-65.

7. Ward, H. S. and Rainer, J. M., "Experimental Determination of
Structure and Foundation Parameters using Wind Induced Vibrations,"
Proc. Inst. Civil Engrs., vol. 53, Sept. 1972, pp. 305-322.

8. Hudson, D. E., "Dynamic Tests of Full Scale Structures," Earth
quake Engineering (R. L. Wiegel, ed.), Prentice Hall Inc., 1970
(updated in Proceedings of ASCE/EMD Specialty Conference on
Dynamic Response of Structures, D.C.L.A., 1976).

9. Shepherd, R. and Reay, A. M., "Some Apparatus for the Small
Amplitude Dynamic Testing of Multistorey Buildings," Strain, vol.
3(4), Oct. 1967, pp. 16-21.

10. Freeman, S. A., Chen, C. K. and Czarnecki, R. M., "Dynamic
Response Characteristics of Reinforced Concrete Structures,"
Proc. of ASCE/EMD Specialty Conference on Dynamic Response of
Structures, D.C. L.A. , 1976.

11. Jennings, P. C., Ed., "Engineering Features of the San Fernando
Earthquake, Feb. 9, 1971," Earthquake Engineering Research
Laboratory, Report No. EERL 71-02, California Institute of
Technology, June 1971.

12. Rojahn, C. and Negmatullaev, S. H., "Forced Vibration Tests of a
Three-Story Reinforced Concrete Frame and Shear-Wall Building
in Tadzhik S.S.R.," Proc. of ASCE/EMD Specialty Conference on
Dynamic Response of Structures, D.C.L.A., 1976.

13. Kuroiwa, J. H., "Vibration Test of a Multistory Building," Earth
quake Engineering Research Laboratory, California Institute of
Technology, Pasadena, California, 1967.

14. Foutch, D. A., "A Study of the Vibrational Characteristics of Two
Multistory Buildings," EERL Report No. 76-03, Earthquake
Engineering Research Laboratory, California Institute of Technology,
Pasadena, California, 1976.

15. Halverson, H. T., "A Technical Review of Recent Strong Motion
Accelerographs," Proc. Fifth World Conference on Earthquake
Engineering, pp. 1046-1049, Rome, 1973.

1547



1548

16. Ohta, T., Adachi, N., Uchiyama, S., Niwa, M. and Takahashi, K.,
"Results of Vibration Tests on Tall Buildings and Their Earthquake
Response," Proc. Sixth World Conference on Earthquake Engineering,
(9), 19, New Delhi, 1977.

17. Osawa, Y., Murakami, M., Minami, T. and Ishida, K., "Observa
tional Studies on the Earthquake Response of Buildings in Japan,"
Proc. Inst. Symposium on Earthquake Structural Engineering,
pp. 1123-1149, St. Louis, Missouri, 1976.

18. Kawasumi, H. and Kanai, K., "Small Amplitude Vibration of Actual
Buildings," Proc. of the World Conference on Earthquake Engineer
ing, Berkeley, California, 1956, pp. 7r-1 to 71-14.

19. Shepherd, R., "A Comparison of Calculated and Measured Periods of
a Tall Building," New Zealand Engineering, vol. 22, no. 9, 1967,
pp. 381-383.

20. Shepherd, R., "The Dynamic Analysis of an Apartment Building,"
Bull. Seism. Soc. Amer., vol. (56), no. 1, 1966, pp. 13-36.

21. Reay, A. M. and Shepherd, R., "Steady State Vibration Tests of a
Six Storey Reinforced Concrete Building," Bull. N. z. Soc. for
Earthquake Engineering, vol. 4, no. 1, 1971, pp. 4-107.

22. Reay, A. M. and Shepherd, R., "Dynamic Characteristics of Three
Adjacent Reinforced Concrete Buildings," Proc. Inst. Civil Engrs.,
vol. 50, 1971, pp. 25-47.

23. Shepherd, R. and Ross, D. A., "Inelastic Characteristics of a
Reinforced Concrete Frame," Proc. South Pacific Conference on
Earthquake Engineering, N. Z. Nat. Soc. for Earthquake Engineering,
1975.

24. Carder, D. S., Ed., Earthquake Investigations in the Western
United States, 1931-1964, Publication 41-2, U.S. Department of
Commerce, Coast and Geodetic Survey.

25. Alford, J. L., and Housner, G. W., "A Dynamic Test of a Four
Story Reinforced Concrete Building," Bull. Seism. Soc. Amer., vol.
43, 1953, pp. 7-16.

26. Eng1ekirk, R. E. and Matthiesen, F. B., "Forced Vibration of An
Eight-Story Reinforced Concrete Building," Department of
Engineering, Report No. 66-8, University of California, Los
Ange1e s, 1966.

27. Nielsen, N. N., "Dynamic Response of Multistory Buildings,"
Earthquake Engineering Research Laboratory, California Institute of
Technology, June 1964.

28. Jennings, P. C. and Kuroiwa, J. H., "Vibration and Soil-Structure
Interaction Tests of a Nine-Story Reinforced Concrete Building,"
Bull. Seism. Soc. Amer., vol. 58(3), June 1968, pp. 891-916.



29. Foutch, D. A., Luco, J. E., Trifunac, M. D. and Udwadia, F. E.,
"Full Scale, Three-Dimensional Tests of Structural Deformations
during Forced Excitation of a Nine-Story Reinforced Concrete
Building," Proc. of the U. S. Natl. Conference on Earthquake
Engineering, Ann Arbor, Michigan, June 1975, pp. 206-215.

30. Luco, J. E., Trifunac, M. D. and Udwadia, F. E., "An Experimental
Study of Ground Deformations Caused by Soil-Structure Interaction,"
Proc. of the U.S. Natl. Conference on Earthquake ,Engineering,
Ann Arbor, Michigan, June 1975, pp. 136-145.

31. Stephen, R. M., Hollings, J. P., Bouwkamp, J. G. and Jurakovski, D.,
"Dynamic Properties of an Eleven Story Masonry Building," Earth
quake Engineering Research Center Report No. 75-20, University of
California, Berkeley, 1975.

32. Murphy, L. M., Scientific Coordinator, San Fernando, California,
Earthquake of February 9, 1971, U. S. Department of Commerce,
Washington, D. C., 1973.

33. Foutch, D. A., Housner, G. W. and Jennings, P. C., "Dynamic
Response of Six Multistory Buildings during the San Fernando
Earthquake," EERL Report No. 75-02, Earthquake Engineering
Research Laboratory, California Institute of Technology, 1975.

34. Jennings, P. C., and Iemura, H., "Hysteretic Response of a Nine
Story Reinforced Concrete Structure," IntI. Journal of Earthquake
Engineering and Struct. Dyn., vol. 3, no. 2, 1974, pp. 183-202.

35. Gates, W. E., "High-Rise Buildings with Strong-Motion Instruments 
Dynamic Analyses," San Fernando, California, Earthquake of
February 9, 1971, U.S. Dept. of Commerce, National Oceanic and
Atmospheric Administration, I, 297-300, 1973.

36. Hart, G. C., Marshall, L., DiJu1io, R., "High-Rise Building
Response; Damping and Periodic Nonlinearities," Proc. of the Fifth
World Conference on Earthquake Engineering, pp. 1440-1444, Rome,
1973.

37. Hart, G. C. and Vasudevan, R., "Earthquake Design of Buildings:
Damping," Proc. ASCE, vol. 101, no. ST1, Jan. 1975, pp. 11-30.

38. Muto, K., Tangawa, T., Niwa, M. and Shimizu, H., "Simulation
Analysis of a High Rise Reinforced Concrete Building in Two
Different Earthquakes," Proc. of the Sixth World Conference on
Earthquake Engineering, (3), pp. 85-90, New Delhi, 1977.

39. Petrovski, J., Jurukovski, D., and Naumovski, N., "Evaluation of
Mathematical Models of Structures from Full-Scale Forced Vibration
Studies and Records of Moderate Earthquakes," Proc. of the Sixth
World Conference on Earthquake Engineering, (3), p. 422, New Delhi,
1977 .

1549



1550

.; 32

16

l2

Figure 1.

Roof Mid H
lith Floor Mid. H
2nd Floor Mid H
Ground Floor Mid (x2)~.

2Sftlb.eccentric
weight ~oment

2nd Torsional mode
(10.5~.l

2rd Translation mocle

t8.8e,p.s.l

rootvibr.tingaslfte-fftebca-n

16.4,p.s-l

Building Response vs. Period of Excitation.
Peaks Indicate Resonances as Noted [21, 22J.

'4,-----,------,------,------,

z
o

, EST 109

1.4 1.5 1.6

f R E QUE N C Y (C P S)

Figure 2. Steady-state Response of Millikan Library Measured
at Different Levels of Forced Vibration 113, 28J.



1551

DEFORMATION OF SECTION THROUGH CENTERLINE
OF ELEVATOR CORE OF MILLI KAN LIBRARY

E-W EXCITATION

DEFORMATION OF SECTION ALONG WEST
SHEAR WALL OF MILLIKAN LIBRARY

N-S EXCITATION

--E --N

Figure 3. FundaITlental Translational Modes of Millikan Library.
Including Vertical Motion and Soil-Structure
Interaction [14, Z9J.

A

o
o

;:----'
o
o

w
o

CJl----~L_O
I ST TRANSLATIONAL MODE

f = 2.78 CPS

2 NO TRANSLATIONAL MODE
f : 5,82 CPS

HORI,ZONTAL MODE SHAPES AT
II TH FLOOR, E-W

Figure 4. Top View of Mode Shapes of an II-Story Reinforced
Masonry Building. See also Figure 5 [31J.



.75

.93

.50

1.00

.915

1.00

.260 .24 .333

'"q
°

.05 W .063 ~ .072

'" '" N

'" OJ (]>

q 0.

SOUTH END CENTER NORTH END

f=5.82 CPS

1552

ROOF

II

10

9

8

7-
a:
0

60
..J
lL.

5

4

3

2
(]>

'"0.

E

VERTICAL MODE SHAPES AT THREt: SECTIONS OF BUILDING,
TRANSLATIONAL SECOND MODE, E-W

Figure 5. Vertical Components of the Second Translational Mode
of an 11-Story Reinforced Masonry Building [31J.

HOLIDAY INN
82~~ ORION BLVD •• ROOF. LOS RNGELES. CAL .. COliP. NOOH

PEAK DlSPLACEMENT = -9.50 IN. PEAK ACCELERATION = -0.382 G
10.0

a.LID

10 20 30
TI ME - SECONDS

~o 50

Figure 6. Measured Acceleration and Calculated Displacement for
the Roof of the Orion Ave. Holiday Inn. This was the
Instrumented Building Closest to the Epicentral Area in
the San Fernando Earthquake of February 7, 1971 [11,32,33J.



1553

BRNK OF CRLIFORNIR BUILDING
15250 VENTURA BLVD .. LCS ANGELES. CAL .. CCHP. NilE

MOTION AELATIVE TO GROUND
20.0

20.0

-20.0 L
O
-'--L-1.--'--1-l0-..L--'---'--'--:20:-....L-'--L-1.--:

3
:;0-..L-L---'-----'-;;'4.0

TJ ME - S~CONDS

Figure 7. Calculated Values of Displacement Relative to the
Ground for the Bank of California during the San
Fernando Earthquake [33J.

MILLIKRN LIBRARY BUILDING
CALlFGRNJA INSTJTUTE GF TECHNDLGGY. PASADENA. CAL .. CGMP, N90E

MOTION RELATIVE TO GROUND

5.0

403D20
SECONDSTIME

1D

-5.0 '---'_-L_--'-_l.--''--'-_....L_..L_'--'_-L_--'-_l.--''--'-_....L_..L_'--L_---'
o

Figure 8. Calculated Relative Displacement of the Ninth Floor of
Millikan Library during the San Fernando Earthquake
[33, 34J.



1554

18.0
..J

~ 16.0
~

0: 14.0
u

~ 12.0
w
~IOO
w
CL. 8.0
~

~ 6.0
:::l;

C5 40
..J8 20 ~.....;;0...I:Jo;..._""
:::l;

STEEL CONCRETE MOOE
• -' I

s 2
• 0 3

o 10 20 30 40 50 60 70
ZERO PERCENT OAMPED SPECTRAL VELOCITY ( IN/SEC)

80

Damping Versus Magnitude of Spectral Velocity

Figure 9. Relation of Dam.ping Values of Buildings during the San
Fernando Earthquake to the Am.plitude of Ground Motion
[ 37J.

60
I

40 "",, "MAX IMUM ACCELERATION"" " ON ROOF

'" "~ "" o EARTHQUAKE RESPONSE0

~ 20 dd" ""z dw
0 d 0 o VALUE USED IN DESIGN

0 0
od"o"- ""- 10- 0 -

w
0 8 oQJ0 0

0:: 6 0 0 o NO STRUCTURAL DAMAGE
<l:
w
I 0
(f) 4 IC):l dSTRUCTURAL DAMAGE
w DO 0
(f)

<l: DO
CO 0

2

I
0.4 0.6 1.0 2 3 4

OBSERVED PERIOD (sec)

Figure 10. Capacity of Reinforced Concrete Structures
Dem.onstrated during the San Fernando Earthquake.



WORKSHOP ON EARTHQUAKE-RESISTANT REINFORCED
CONCRETE BUILDING CONSTRUCTION (ERCBC)

University of California, Berkeley, July 11-15, 1977

LARGE-SCALE DYNAMIC SHAKING OF ll-STORY REINFORCED CONCRETE BUILDING

Ronald L. Mayes
l

and Theodore V. Galambos
2

(1) Principal, Computech, Berkeley; Technical Director, Applied
Technology Council, Palo Alto, California

(2) Professor and Chairman of Civil Engineering Department,
Washington University, St. Louis, Missouri

1.0 INTRODUCTION
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During 1976 the demolition of 30 or more eleven-story apartment buildings,
Fig. 1, of contemporary reinforced concrete construction in St. Louis, Missouri,
provided a unique opportunity to subject a portion of one of these structures to
large amplitude dynamic excitation and to observe the effects of this motion on its
behavior.

The test-building was an approximately 40 ft. x 40 ft. square eleven-story
tower structure, Fig. 2, which was separated from a much larger building by severing
the connecting beams and slabs with jackhammer and torch, Fig. 3. The larger
portion of the building was then demolished by explosive charge. The test-building
had 13 columns (9 on the periphery and 4 near the center), beams, slabs, and a
stairway, Fig. 5. The periphery and the stairwell were enclosed by block and/or
brick walls which were intermittently interrupted by windows or doors. The con
struction was of good quality conventional reinforced concrete, built around 1958
and designed in 1953 in accordance with the then effective ACI Code. No special
provisions were made, according to contemporary requirements, to resist seismic
loads.

The on-site research work was performed in the period of June through mid
November of 1976. No access was possible prior to June, and the remnants of the
structure were demolished and removed within days of the completion of the last
experiment. The work consisted on the following three phases:

(1) Survey of material and dimensional properties of the building through
sonic and magnetic measuring devices and by taking samples of the
concrete, the brick, and the steel.

(2) Small amplitude dynamic excitation to determine the dynamic character
istics of the structure as it existed before the large amplitude tests.

(3) Large amplitude dynamic tests to study the change of dynamic character
istics as the building was progressively damaged.

The large amplitude motion was induced by the sinusoidal horizontal motion of
a 60 kip mass of lead which was placed on hardened steel balls. The mass was moved
through an amplitude of up to + 20 in. by a servo-controlled hydraulic actuator.
One end of the actuator rea~~ed on the building frame, and it was driven by a
large motor-pump assembly. The lead mass was placed in the center of the eleventh
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floor, where also the motor-pump assembly was located, Fig. 4. Control of the
equipment was by remote control from a trailer. This trailer also contained the
apparatus for recording the data from the accelerometers placed in fixed or movable
locations within the building. The shaker was supplied by Boeing Construction Co.
of Seattle and the data acquisition system by McDonnel Douglas Aircraft Co. of
St. Louis.

2.0 SMALL AMPLITUDE TESTS

The small amplitude tests were performed by Applied Nucleonics Corporation
of Los Angeles. The objective of these tests was as follows:

a) To determine the dynamic characteristics of the structure by methods that
have been extensively used over the past decade.

b) To compare the results obtained in a) with those obtained from the large
amplitude forced vibration tests.

c) To use the information obtained in a) to plan the large amplitude forced
vibration tests.

The tests were performed with an eccentric mass vibrator mounted in the
southwest corner of the eleventh floor. The nine lowest natural frequencies were
determined and the corresponding response shapes of the first six of these frequen
cies were mapped. A summary of all the tests performed and their respective resultf
is given in Table 1.

3.0 LARGE AMPLITUDE TESTS

The large amplitude tests were performed with the moving mass vibrator
described in the introduction and mounted on the eleventh floor. The objective
of the tests were as follows:

a) To determine changes in mode shapes, frequencies, and damping values as
the force level of excitation increased.

b) To determine the resistance capability of the non-seismically designed
building as the force level of excitation increased.

c) To determine the effect of soil-structure interaction on the large
amplitude vibration of the building.

Large amplitude testing was performed in the E-W direction with the external
cladding (infill walls) in place and in the N-S direction with the external claddin!
removed. Two different types of tests were performed. Damping tests were performe(
to determine resonant frequencies and damping values of modes of interest at varioUf
input force levels. Mode shape tests were performed to determine the mode shapes
at various resonant frequencies.
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3.1 DAMPING TESTS

The damping tests were performed such that the force level during a given
test varied approximately as a fuoction of the frequency squared. The theoretical
force level generated by the moving mass vibrator is given by:

F(t) = M w
2

X Sin w t

where M is the mass of the bucket weight, w is the frequency of excitation, and X
is the single amplitude of motion of the moving mass. The purpose of using this
forcing function was to enable the data, whenever possible, to be analyzed by tech
niques normally used for eccentric mass forced vibration tests. The required input
force level, F

r
, from the moving mass vibrator was determined from the relationship

F = M w
2

X
r r

where w
r

is the resonant frequency of interest.

The approximate resonant frequency at a required force level was determined by
a slow continuous sweep beginning at approximately 1.0 cps. above the estimated
resonant frequency and sweeping down below the actual resonant frequency.

During this sweep, two recordings were made. First, the signal of the refer
ence accelerometer on the eleventh floor was analyzed by a spectrum analyzer.
The peak of the resulting curve was used to identify the resonant frequency.
Second, the force signal from the moving mass vibrator was plotted against the
signal from the reference accelerometer on a two channel oscilloscope. Theore
tically for an elastic system at resonance the two signals are 90° out of phase
and the resulting plot traces a circle on the oscilloscope. Both methods were used
to identify the resonant frequency during the sweep.

In addition to identifying the resonant frequency, the continuous sweep
enabled the structure in most cases to achieve a stable structural condition at a
particular force level. This was helpful, because as the input force level in
creased in increments of 5,000 lbs. the structural system changed. An example of
this was hinging that occurred in the beams and stairwell of the lower levels.
At higher force levels in the first modes, the continuous sweep was not performed
because the structural changes were more significant and consequently, data was
required as these changes occurred.

Once the resonant frequency was identified, a step-wise sweep was performed
at appropriate frequency intervals to determine the damping and resonant frequency
at the particular input force level. At each frequency step the structure was
vibrated uotil steady state was achieved and the data was recorded. In all except
two tests, the step-wise sweep was performed by sweeping from a frequency above
the resonant frequency and sweeping down below the resonant frequency.

At various stages throughout the large amplitude test program a standard
damping test was performed. The standard damping test consisted of the damping
test described above at a nominal input force level of 5,000 lbs. The objective
of the standard damping test was twofold. First, it provided the means of compar
ing changes that occurred in the damping and resonant frequencies of the building
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during various stages of the test sequence. Second, it provided the means of
determining whether or not changes that occurred in the damping and resonant
frequencies at larger input force levels remained the same at lower force levels.

3.2 MODE SHAPE TESTS

Mode shape tests were performed at various phases of the test program to
determine in detail the response of the building at resonance. Prior to each
mode shape test a continuous frequency sweep, described in subsection 3.1 was
performed to determine the resonant frequency. The building was then vibrated at
the resonant frequency and data was recorded. The response of the structure was
measured at the 11th, 9th, 7th, 5th, 3rd, 1st, and basement levels. At each level
the response at 25 grid points was recorded. At each point a triaxial accelero
meter was used enabling the three-dimensional response to be obtained.

3.3 SEQUENCE OF TESTS

The sequence of tests performed in the E-W direction with the cladding in
place is listed in Table 2. Also given in the Table are the resonant frequencies
and damping values obtained for each of the tests to date. After the first series
of standard damping tests (Test Nos. lE-SD to 3E-SD) the mass of the bucket of the
moving mass vibrator, was increased from 5,800 lbs. to 19,000 lbs. to improve the
performance of the vibrator. FOllowing this increase in bucket weight, a first
mode frequency sweep was performed at a force level of 10,000 1bs. No damping
data was recorded during this sweep although it was observed from the oscilloscope
that the resonant frequency dropped from 1.41 cps. to approximately 1.15 cps.
Following this 10,000 lb. sweep test, two standard damping tests were repeated
(Test Nos. 5E and 6E-SD). After these two tests, the bucket weight was increased
to its moving mass vibrator. From this point on the bucket weight remained at
57,700 1bs.

The sequence of tests performed in the N-S direction with the cladding removed
is listed in Table 3. Also listed in the table are the resonant frequencies and
damping values available to date.

4.0 TEST RESULTS

The test results available to date are presented in Tables 4 to 10 and Figures
6 to 10. These test results consist of the changes in the period and damping, the
changes in the mode shapes and the forces induced in the building during one of
the tests with the cladding in place.

4.1 PERIOD AND DAMPING

A summary of the changes in the damping and the period for the first and
second translational modes of the building with the external cladding in place
(E-W directi~n) are presented in Tables 4 and 5 respectively. A summary of the
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changes in the damping and the period for the first and second translational and
torsional modes of the building with the external cladding removed (N-S direction)
are presented in Tables 6 to 9 respectively. It should be noted that the direction
of the sweep was down for all except three of the tests. Down refers to a sweep
from a frequency above (or a period below) resonance down to a frequency below
(or a period above) resonance. In tests IE-SD, 19N-D, and 20N-D the direction of
the sweep was in the reverse direction.

The damping and resonant frequency results presented in Tables 4 to 8 were
obtained from the frequency response curves that were obtained from the step-wise
sweeps. The "half-power" point method was used to calculate the damping from the
frequency response curves. This consists of determining the width ~w of the
frequency response curves at points where the response is equal to 0.707 of the
peak values. The damping 8 is obtained from the relationship

8
~w

2W
r

where wr is the resonant frequency.

Damping results not included in the tables were not able to be obtained by
this method. These are currently being obtained by a least squares curve fitting
method. It should be noted that results obtained from the least squares curve
fitting method are not in good agreement with those obtained from the "half-power"
point method. This discrepancy is being investigated and will be discussed in a
subsequent report.

4.2 MODE SHAPES

The mode shapes corresponding to the first and second translational resonant
frequencies of the building with the cladding in place are plotted in Figures
6 and 7. The two plots included in each figure are the results of the mode shapes
before and after the large amplitude tests. These are tests IIE-M and 27E-M for
the second translational mode and l4E-M and 28E-M for the first translational
mode. The motion of the floor slab in each of these modes was pure translation.
No torsional component was present.

The translational mode shapes of the building with the cladding removed
contained torsional components. The displacement of the floor slab at the ninth
level corresponding to the first translational and torsional resonant frequencies
are shown in Figures 8 and 9 respectively. A plot of the N-S translational component
of the external west side beams of the first translational mode before and after
the large amplitude tests (Test Nos. 5N-M and 32N-M) is given in Fig. 10.

4.3 CODE EQUIVALENT OF THE BASE SHEAR FORCE INDUCED DURING TESTING

In order to provide a frame of reference for the magnitude of forces induced
during the large amplitude shaking, the base shear force generated in the tests
was compared with design base shear forces of the Uniform Building Code (UBC).
The base shear force, V

T
, generated in the structure during testing was
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calculated as:

11

VT L: mi xi
i=l

where m. is the mass at the i
th

level and x. is the maximum acceleration of the
i th lev~l. The UBC design base shear is calculated from

v
c

ZKCW 1974 UBC

1976 UBCZKICSWor v
c

where W is the total weight of the structure, Z is a zone factor and varies from
1 to 1/4 for the 1974 UBC and 1 to 3/8 for the 1976 UBC. K is a factor dependent
upon the framing system and for this example was taken as 1.0. I is an importance
factor and is taken as 1.0. S is a factor dependent on the soil conditions and
was taken at its maximum value of 1.5. C is a function of the period of the
building and differs for the 1974 and 1976 codes. In the 1974 UBC,

C
0.05

and in the 1976 UBC,

C
1

l5~

where T = O.lN in both and N is the number of stories.

A comparison of VT and Vc is presented in Table 10 for Test No. 23E-D where
the input force level at resonance was 18,800 lbs. Note that this test is the
second highest force level test performed on the structure with the external
cladding in place.

5.0 DISCUSSION OF TEST RESULTS

5.1 PERIOD

There were large changes in the period of the building in most of the modes.
The largest changes occurred in the first translational modes.

With the external cladding in place the period of the first translational
mode increased by a factor of 2.6 from 0.74 sees to 1.92 sees as the input force
increased from 4,760 lbf. to 25,000 lbf., respectively. The period of the second
translational mode increased approximately 50 percent from 0.22 sees to 0.31 sees,
as the input force level increased from 4,310 lbf. to 29,920 lbf. Following the
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large amplitude first mode tests the period of the second mode had increased
to 0.39 secs.

With the external cladding removed the period of the first translational
mode doubled from 1.23 secs to 2.44 secs as the input force level increased from
3,610 lbf. to 15,000 lbf. The test performed at an approximate input force level
of 20,000 lbf. was not completed because of the apparent impending collapse of
the building. The period of the first torsional mode increased almost 50 percent
from 1.04 secs to 1.47 secs as the input force level increased from 5,170 lbf.
to 15,000 lbf.

With the external cladding removed' the period of the second translational
mode increased by 40 percent from 0.31 secs to 0.42 secs as the input force level
increased from 3,530 lbf. to 22,840 lbf. The period of the second torsional mode
increased 15 percent from 0.28 secs to 0.32 secs as the input force level increased
from 4,500 lbf. to 26,940 lbf. The period of the second translational and torsion
al modes after the large amplitude first mode tests was 0.53 secs and 0.36 secs,
respectively.

It should be noted that the changes in the period associated with the large
amplitude tests were permanent in that' all lower input force level tests performed
after a series of large amplitude tests had periods very close to the last large
input force level test. This indicates that permanent changes occurred in the
lateral force resisting system. These changes which consisted on beam hinging,
joint shear cracking, and hinging of the stairwell are discussed in detail in
section 6.

5.2 MODE SHAPES

The changes in mode shapes associated with the large changes in period
described in the preceeding subsection were generally small as shown in Figures
6, 7, and 10. The most significant changes were in the first translational mode
without external cladding. The values plotted in Fig. 10 indicate significant
differences at the first and eleventh floor levels.

5.3 DAMPING

The damping results presented in Tables 4 to 9 contain many interesting re
sults even though the large amplitude first mode tests are not yet available.
The discrepancy referred to in Section 4.1 indicates that the results presented
in Tables 4 to 9 may be higher than those that will be obtained from the least
squares curve fitting method. Caution is therefore suggested in using the abso
lute values of damping presented in Tables 4 to 9.

1) For the second translational modes, both with and without external
cladding, there was a significant increase in damping as the input force level
increased. With the external cladding in place the damping increased from 2.6
percent to 8.2 percent as the input force level increased from 4,310 Ibf. to
29,920 Ibf. (Table 5). With the external cladding removed the damping increased
from 2.8 percent to 5.6 percent as the input force level increased from 3,670 Ibf.
to 22,840 Ibf. (Table 8).
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2) The large amplitude tests caused an increase in the damping associated
with the second translational modes measured as low input force levels. This
increase was by a factor of 2.1 with the external cladding in place and 1.4
with the external cladding removed. With the external cladding in place, Table 5,
the damping of the second translational mode prior to the large amplitude second
mode tests was 2.6 percent at an input force level of 4,500 lbf. Following the
large amplitude second mode tests the corresponding value at an input force level
of 4,860 lbf. was 6.3 percent. With the external cladding removed, Table 8, the
damping prior to and after the large amplitude second mode tests was 2.8 percent
and 3.4 percent at input force levels of 3,670 lbf. and 3,290 lbf., respectively.
Note that after the large amplitude first mode tests the damping values of the
second translational mode decreased from 6.3 percent to 5.6 percent with the
external cladding in place and increased from 3.6 percent to 3.9 percent with
the external cladding removed.

3) With the external cladding removed there was little or no increase
in the damping associated with first and second torsional modes of the building
as the input force level increased, Tables 7 and 9.

4) In the two tests performed, the damping was a function of the direction
of the sweep. For the second translational mode without external cladding (Test
Nos. l8N-D and 19N-D) the damping obtained from a frequency sweep down was 3.7
percent, while for a sweep up the damping was 2.0 percent. For the second torsion
al mode without external cladding (Test Nos. l7N-D and 20N-D) the corresponding
damping values were 2.8 percent and 1.6 percent respectively. It should be
noted that the direction of sweep was down for all except three of the tests i.e.,
a sweep down is from a higher to lower frequency. Consequently the damping values
given in Tables 4 to 9 are all higher than those that would have been obtained
if the direction of the sweep was in the reverse direction.

5.4 CODE EQUIVALENT OF THE BASE SHEAR FORCE INDUCED DURING TESTING

The base shear force comparison VT/Vc , presented in Table 10 is made for both
the code calculated period and for the period of the structure measured during
the test. For zone 3 of the 1974 UBC the measured base shear force of 250 kips
with the external cladding in place (Test No. 23E-D) was 2.4 times the code
calculated design base shear force. For the 1976 UBC the corresponding factor
was 1.2 for zone 4. The damage to the building following this test is described
in section 6. Although the exact figures are not available for a comparison with
the external cladding removed, the factors are estimated to be two to three times
greater than those presented in Table 10.

It is clear that the non-seismically designed building both with and without
external cladding was able to withstand a base shear force greater than that
required by the Uniform Building Code when SUbjected to the sinusoidal type of
motion induced by the moving mass shaker. Until further analysis of the results
is performed it cannot be inferred from these results that the building would
have resisted an earthquake that induced a base shear force of the same magnitude.
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6.0 DISCUSSION OF DAMAGE TO THE BUILDING

6.1 STATUS BEFORE THE START OF THE LARGE AMPLITUDE SHAKING TESTS

At the beginning of October, prior to the commencement of the large amplitude
shaking the building was essentially undamaged from the structural point of view.
There were a few hairline cracks in the beams and the columns of the top floor
(at level 11) which were induced by the small amplitude shaking performed in July
by the Applied Nucleonics Company (Fig. 11), and there were some diagonal cracks
in the E-W filler walls around the stairwell (Fig. 12) on the 4th, 5th, and 11th
floor. The outside E-wall (Fig. 13) was already damaged by the blast when the
center portion of the building was removed in 1972, and the small amplitude
shaking loosened some of the blocks on the top layers further. The stairs were
completely whole, and the outside brick facade was essentially intact except for
a small part of the S-W corner (Fig. 14) which was inadvertently hit by a headache
ball when the adjacent building was demolished. The only modification to the
structure consisted in removing a portion of the roof slab at the end of August
to facilitate placing the equipment (Fig. 15). It should be noted that the bottom
beam steel at the exterior columns was embedded from 9 to 12 inches into the
column with no hook. The top beam steel had a 90° bend, 12 inches long in the
joint.

6.2 DAMAGE AFTER MODERATE E-W SHAKING (UP TO TEST NO. l2E-D)

After the fully clad structure was subjected to a series of test-runs (up to
Test No. l2E-D) with 5 and 10 kip force levels the damage to the slab and
structural frame was slight, consisting mainly of hairline cracks at the column
tops (notably in Col. 33, 1st story) and at the ends of some E-W beams (notably
in Beams B4 at levels 1 and 2). Some blocks fell off the E block wall in the
1st story, and cracks developed all across the joints between the stairs and
the stairway landing at the 1st story and the ~ level landings. Those cracks
became quite large later and subsequent photos will show them in a more developed
stage. The most interesting feature of these moderate level shake tests was the
behavior of the E-W block infill wall around the stairway. These wall panels
moved with the frame above level 3, but in stories 2 and 3 the panels remained
essentially stationary while the frame moved back and forth, leaving a gap of up
to 1/8 inch between the wall and column at maximum amplitude, and knocking against
the wall on the opposite side (Fig. 16). There was noise due to friction as the
beams rubbed against the top face of these walls.

6.3 DAMAGE AFTER THE COMPLETION OF THE E-W TESTS

The major amount of testing in the E-W direction on the fully clad structure
was performed during the period October 9 through October 13. Some 10K force-level
tests were performed on October 15, and finally the most severe E-W shaking, Test
No. 24E-D, took place in the evening of October 15 just before this phase of
testing was discontinued.
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All of the damage to the structure above level 8 was restricted to hairline
cracks at some column tops and beam ends, and no new cracks were discovered
between levels 5 and 8. It can be noted that no substantial structural damage
was discernible above level 5. Major structural damage occurred at levell,
with damage dimishing with height. All of the E-W beams on levels 1 and 2 had
cracks at their ends, and most of the beams on levels 3 and 4 had hairline cracks
at their ends. Typically the most severe cracking and spalling took place on level
1, and the following figures illustrate this:

Typical interior joint X-cracks are seen in Fig. 17, which show the joint
of Col. 36 at the top of story 1. The top of Col. 11 (S-W corner) in story 2
is shown in Fig. 18. This same column, at one level below, exhibits a crack
through the beam and into part of the column (Fig. 19). A typical 1st level beam
end (Beam 56) shown in Fig. 20 illustrates the crack at the column face. This
crack opened and closed during the cyclic motion of the building. The most severe
column damage occurred at the top of column 37 in the 2nd story (Fig. 21). The
most severe beam cracking occurred at the E end of beams B4 in levell, and Figs.
22 through 26 illustrate the progression of damage, including the fracture of the
reinforcing steel. During the final E-W test it appeared from the observed
motion of the structure that the E-W beams connected to the exterior columns on
levelS 1 and 2 acted essentially as hinges when the bottom beam steel was in
tension. The slab on levels 1 and 2 cracked through from N to S across the
building.

The stairway up to the fourth level was severely cracked at each joint
between the stairs and the landing. This joint heaved up and down during each
cycle of loading. The lowest joint (between levels 0 and 1) is shown during the
early tests (after Test No. l7E-D) and after the E-W tests in Figs. 25 and 26
respectively. Top and bottom stairway joints are shown in Figs. 27 and 28.

A considerable portion of the E block wall fell out during the tests (Fig.
29; compare with Fig. 13 to see the extent of wall damage), and some of the out
side brick walls fell off also (Fig. 30; compare with Fig. 1 to see the damage
on the N brick wall). A portion of the lower part of the S wall, shown in Fig. 31,
demonstrates the horizontal fracture lines at the top of the window. The
adjacent parts of the wall rubbed against each other during load cycling.

On levels 1 and 2 at the end of the E-W tests the E-W beam ends were
cracked through, some columns were cracked and one (Fig. 21) was moderately
damaged, the slab was cracked across the building, the stairway was behaving
as a mechanism with hinges at the stair-landing joints, the E block wall had
fallen out, the E-W brick faces were severely damaged or had fallen out, and the
E-W block infill walls next to the stairway lost their capacity to act as infill
walls. The N-S beams and the N wall were essentially undamaged. Damage to
columns, beams, stairs and walls diminished progressively from the third to the
fifth story, with the structure-stairwall system intact and acting as a unit above
the fifth story. Below that level the walls and the stairway system were broken
up and the beams were hinging. As testing continued damage seemed to be confined
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to the lower three to four floors, the top riding along as the softening and
damaged lower floors swayed back and forth. Little damage was observed on the
eleventh floor where the heavy moving machinery subjected the frame and the slab
to continued severe impacts. It appears that once softening started on level 1
the damage became isolated on the lower part of the building.

6.4 DAMAGE DURING THE N-S TESTS

During the period between October 15 and October 27 the cladding was
removed from all but the upper two floors of the building and the shaking
apparatus on the 10th floor was rotated 90 degrees to produce forces in the N-S
direction, Fig. 32. The removal of all of the brick and block cladding did not
result in any additional damage to the structure.

The N-S testing commenced on October 27 and continued through November 4
when the experiment was terminated. During October 27, 28, 29, and 30 tests up
to Test No. l6N-D were performed at mainly low force levels, 5 to 10 kips, and
only one 15 kip level test of the second mode was performed. The new damage due
to this shaking was slight, consisting of the development of flexural cracks
between the column faces and the N-S beam ends. The motion of the floor of
the building during the first mode N-S tests is shown in Figs 8 and 9. The
rotational motion of the first translational mode, Fig. 8 tended to wrack the W
face considerably more than the E face, and damage was mainly confined to the beams
and columns on this face.

The shaking tests on November 1 through November 4 consisted of the larger
input force level tests, Test Nos. l7N-D to 4lN-D, and severe damage was inflicted
on the W portion of the structure. This damage occurred in essentially two ways:
(1) with continued shaking more and more joints in the N-W (Col. 9) and S-W
(Col. 11) failed, and (2) columns 37 and 38 crushed in compression. There was
also damage in the joints of the center columns on the W face (Col. 10). A
typical damaged joint of this center column tier (Col. 10, level 4) is shown in
Figs. 33 and 34, where the damage prior to Test No. 23N-D, Fig. 33, consists
of spalling and after Test No. 30N-D part of the lower beam reinforcing bar is
exposed. The extent of damage to this joint did not increase with later tests.
The other joints of this column experienced similar damage, with all joints losing
some concrete from level 1 through level 8. The corner columns (Cols. 9 and 11)
were damaged rather more severely, all joints from level 1 through level 8
losing almost all the concrete from the joints, leaving the beam flexural
reinforcing fully exposed.

The photo in Fig. 35 shows a portion of the N-W corner, illustrating the
severe damage at the end of the tests at the joint. All columns appeared to be
a series of hinged elements between stories, with the reinforcing holding them
in place. Progression of damage prior to Test No. 2lN-D through Test No. 4lN-D
for one typical joint (Col. 9, level 4) is shown in the sequence of pictures
given in Figs. 36 through 44. All but one of these figures show the outside of
this joint, and Fig. 43 shows the inside of the corner, from below.
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The deterioration of the interior column (Col. 38, 4th story) is seen in
Figs. 45, before Test No. 28N-D, and 46, after all the tests, and a close-up
of the crushing failure is seen in Fig. 47.

During the last test, Test No. 4lN-D, the following damage was evident:
All the joints below the 9th level in the two W corner columns (C 9 and C 11)
had lost almost all of the concrete from the joints (see Fig. 48), and the
column in the N-W corner of the 6th story was visibily pushed out (Fig. 49).
The joints in the center columns of the W face (Col. 10) were also damaged up
to level 9, but not as severely. Interior columns 37 and 38 were severely
crushed on the 2nd, 3rd, and 4th floor, with Col. 38 completely crushed in the
4th floor. The other columns showed little additional damage, except that during
the last run X cracks began to develop in the joints of the 5th level in the two
E central columns (Cols. 33 and 34).

During the last test there was very large deformation of the top of the W
face ( + 28 inch), the W face appeared to be just flopping back and forth, there
was a lot of noise (groaning, cracking) and damage progressed apparently toward
the columns which appeared to be holding up the structure. For the sake of
safety and equipment recovery it was decided to stop the testing. When all
motion stopped the structure was to all appearances straight. No additional
structural or cladding damage occurred in the enclosed top two stories.

ACKNOWLEDGMENTS

The authors gratefully acknowledge the financial support provided by the
National Science Foundation under Grant No. ENV. 76-08244. They also extend
their most sincere thanks to all who participated in this most interesting
project, and to all who helped on other ways to make the program a success.
The following individuals are especially singled out for their significant
contributions: D. S. Hatcher, J. M.McKelvey, M. P. Mustaine, L. R. Brown,
A. J. Bletch, D. Armstrong, R. Gardiner, E. M. Gregory, J. R. Vosper, A. Monsey
of Washington University; T. Costello of the St. Louis Housing Authority;
P. Ibanez, R. S. Keowen, W. E. Gundy of Applied Nucleonics; E. L. Smith,
L. D. Russell, R. T. Jensen of McDonnell-Douglas; J. Hess, D. Burlingame,
W. I. Lathrop, J. D. King, D. E. Marshall, G. Ehlenfeldt of Boeing; M. H. Rose,
J. B. Crane, T. B. Laws, M. Mitchell of the Cleveland Wrecking Company; and
M. M. Hochman of the AALCO Wrecking Company.



TABLE 1

SUMMARY OF RESULTS OF SMALL AMPLITUDE TESTS

Peak Resonant Dominant Damping
Ace. Frequency Response Ratio

cm/Sec2 Hz (%)

62.22 1.43 E-W First Mode 0.88
37.59 1.44 E-W First Mode 1.52
40.92 1.47 E-W First Mode 1. 34
9.42 1.53 E-W First Mode 1.45

70.37 1.56 N-S First Mode 0.98
59.77 1.58 N-S First Mode 1.40
47.01 1.61 N-S First Mode 1.28
13.94 1.64 N-S First Mode 1. 52

40.92 2.22 First Torsional 1.70
23.55 2.28 First Torsional 1.26

60.75 4.68 E-W Second Mode 1. 87

55.84 4.94 N-S Second Mode 1.77

21.30 7.15 Second Torsional 1. 74
13.44 7.35 Second Torsional 2.04

25.52 12.70 E-W Third Mode 3.94

10.89 14.05 N-S Third Mode

17.4-18.5 Third Torsional
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TABLE 2

TESTS PERFORMED IN THE EAST-WEST DIRECTION
WITH ElITERNAL CLADDING IN PLACE

NOMINAL FORCE LEVEL RESONANCE DAMPING
TEST NO. TYPE OF TEST FORCE LEVEL AT RESONANCE FREQUENCY (%)

(LBF) (LBF) (CPS)

lE-SD Standard Damping 5,000* 4,760 1.36 1.4
1--

2E-SD Standard Damping 5,000 5,050 2.32 ---

3E-SD Standard Damping 5,000 4,310 4.60 2.6

4E-S Sweep 10,000 --- LIS ---

5E-SD Standard Damping 5,000 5,190 1.23 3.6

6E-SD Standard Damping 5,000 4,620 4.55 3.3

7E-SD Standard Damping 5,000 2,770 1.28 3.0

8E-SD Standard Damping 5,000 6,400 4.50 2.9

9E-D Damping 10,000 8,940 4.34 2.5

10E-D Damping 10,000 7,800 1.19 3.4

llE-M Mode Shape 10,000 8,900 4.32 ---
12E-D Damping 10,000 10,430 2.32 ---

13E-M Mode Shape 10,000 10,500 2.32 ---
14E-M Mode Shape 10,000 10,500 1.14 ---
15E-SD Standard Damping 5,000 3,960 1.12 ---
16E-SD Standard Damping 5,000 4,920 4.32 ---
17E-D Damping 15,000 15,880 3.94 3.7

18E-D Damping 20,000 18,090 3.63 5.2

19E-D Damping 25,000 29,920 3.23 8.2

20E-SD Standard Damping 5,000 4,590 1.08 4.0

21E-SD Standard Damping 5,000 4,860 3.45 6.3

22E-D Damping 15,000 10,740 0.85 4.5

23E-D Damping 20,000 18,800 0.60 ---
24E-D Damping 25,000 ---- 0.52 ---
25E-SD Standard Damping 5,000 4,990 2.59 5.6

26E-D Damping 10,000 11,250 0.52 ·3.6

27E-M Mode Shape 10,000 9,200 2.46 ---
28E-M Mode Shape 10,000 10,800 0.54 ---

*The direction of sweep for this sweep was up, i.e., from a lower to higher
frequency.
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TABLE 3

TESTS PERFOJU.lED IN THE NORTH-SOUTH DIRECTION
WITH EXTERNAL CLADDING REMOVED

NOmNAL FORCE LEVEL RESONANCE DAMPING
TEST NO. TYPE OF TEST FORCE LEVEL AT RESONANCE FREQUENCY (%)

(LBF) (LBF) (CPS)

IN SO Standard Damping 5,000 5,170 0.96 3.1

2N-SD Standard Damping 4,000 3,610 0.81 3.5

3N-SD Standard Damping 5,000 4,500 3.52 2.6

4N SO Standard Damping 4,000 3,530 3.23 3.7

SN-M Mode Shape 5,000 3,800 0.82

6N-M Mode Shape 5,000 4,600 0,94

7N-M Mode Shape 5,000 4,300 3.14

8N-M Hode Shape 5,000 4,100 3.47

9N-SD Standard Damping 5,000 4,680 0.93 2.5

ION-SO Standard Damping 4,000 2,920 0.80 3.5

UN-SO Standard Damping 5,000 5,000 3.51 2.1

12N-SD Standard Damping 4,000 3,670 3.16 2.8

13N-D Damping 10,000 9,910 3.41 2.5

14N-D Damping 7,500 '7",640 2.97 3.0

15N~D Damping 15,000 15,140 3.31 3.2

16N-D Damping 10,000 10,570 2.84 3.4

17N-D Dampi.ng 20,000 20,160 3.25 2.8

18N-D Damping 13,000 12,930 2.72 3.7

19N-D Damping 13,000* 13,180 2.70 2.0

20N-D Damping 20,000* 19,410 3.21 1.6

21N-D Damping 25,000 26,960 3.15 2.8

22N-D Damping 15,000 15,260 2.51 3.2

23N-D Damping 20,000 22,840 2.36 5.6

24N-SD Standard Damping 5,000 5,190 3.30 2.5

25N-SD Standard Damping 4,000 3,290 2.69 3.4

26N-SD Standard Damping 5,000 5,320 0.92 3.0

27N-SD Standard Damping 4,000 3.430 0.76 3.0

28N-D Damping 10,000 8,480 0.81 3.1

29N-D Damping 10,000 9,610 0.53

30N-D Damping 15.000 0.68

31N-D Damping 15,000 0.41

32N-H Mode Shape 5,000 5,100 0.40

33N M Mode Shape 5,000 5,800 0.75

34N-H Mode Shape 5,000 5,600 2.93

35N-M Hode Shape 5,000 5,800 1.91

36N-SD Standard Damping 5,000 5,470 2.91 2.8

37N-SD Standard Damping 5,000 5,050 1.90 3.9

38N-SD Standard Damping 5,000 4,720 0.72 3.1

39N-SD Standard Damping 'i,000 5,900 0.40 ') .8

--~i--~------- .-- -_.-
40;..l-D Damping 10,000 8,130 0.69 2.3

41~-D Damping 15,000

*The direction of the stepwise sweep was up, i.e .• from a lower to higher
frequency. For all other tests the direction of the sweep was down, i.e. ,
from a higher to lower frequency.
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TABLE 4

FIRST TRANSLATIONAL MODE DAMPING TESTS WITH
EXTERNAL CLADDING, EAST-WEST DIRECTION

FORCE LEVEL PERIOD DAMPINGTEST NO. AT RESONANCE (SECONDS) (PERCENT)(LBF)

1E-SD 4,760* 0.74 1.4

4E-S 10,000 0.87 ---
5E-SD 5,190 0.81 3.6

7E-SD 2,770 0.78 3.0

10E-D 7,800 0.84 3.4

15E-SD 3,960 0.89 ---
SECOND MODE

DAMPING TESTS

20E-SD 4,590 0.93 4.0

22E-D 10,740 1.18 4.5

23E-D 18,800 1.67 ---

24E-D 25,000 1.92 ---
26E-D 11,250 1.92 3.6

*In all tests except 1E-SD the direction was down, i.e., from a
higher to lower frequency. In 1E-SD the direction of the sweep
was the reverse.



TABLE 5

SECOND TRANSLATIONAL MODE DAMPING TESTS WITH
EXTERNAL CLADDING, EAST-WEST DIRECTION

FORCE LEVEL PERIOD DAMPINGTEST NO. AT RESONANCE (SECONDS) (PERCENT)(LBF)

3E-SD 4,310 0.22 2.6

6E-SD 4,620 0.22 3.3

8E-SD 6,400 0.22 2.9

9E-D 8,940 0.23 2.5

16E-SD 4,920 0.23 ---

17E-D 15,880 0.25 3.7

18E-D 18,090 0.28 5.2

19E-D 29,920 0.31 8.2

2lE-SD 4,860 0.29 6.3

FIRST MODE
DAMPING TESTS

25E-SD 4,990 0.39 5.6
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TABLE 6

FIRST TRANSLATIONAL MODE DAMPING TESTS WITHOUT
EXTERNAL CLADDING, NORTH-SOUTH DIRECTION

FORCE LEVEL PERIOD DAMPINGTEST NO. AT RESONANCE
(SECONDS) (PERCENT)(LBF)

2N-SD 3,610 1.23 3.5

10N-SD 2,920 1.25 3.5

SECOND MODE TESTS

27N-SD 3,430 1.32 3.0

29N-D 9,610 1.90 ---

31N-D 15,000 2.44 ---

39N-SD 5,900 2.50 5.8

--- 20,000 --- ---

TABLE 7

FIRST TORSIONAL MODE DAMPING TESTS WITHOUT
EXTERNAL CLADDING NORTH-SOUTH DIRECTION

FORCE LEVEL
PERIOD DAMPINGTEST NO. AT RESONANCE

(LBF) (SECONDS) (PERCENT)

IN-SD 5,170 1.04 3.1

9N-SD 4,680 1.08 2.5

SECOND MODE TESTS

26N-SD 5,320 1.09 3.0

28N-D 8,480 1.24 3.1

30N-D 15,000 1.47 ---

38N-SD 4,720 1.39 3.1

40N-D 8,130 1.45 2.3



TABLE 8

SECOND TRANSLATIONAL MODE DAMPING TESTS WITHOUT
EXTERNAL CLADDING, NORTH-SOUTH DIRECTION

FORCE LEVEL PERIOD DAMPINGTEST NO. AT RESONANCE (SECONDS) (PERCENT)(LBF)

4N-SD 3,530 0.31 3.7

MODE SHAPE TESTS

12N-SD 3,670 0.32 2.8

14N-D 7,640 0.34 3.0

16N-D 10,570 0.35 3.4

18N-D 12,930 0.37 3.7

19N-D 13,180* 0.37 2.0

22N-D 15,260 0.40 3.2

23N-D 22,840 0.42 5.6

25N-SD 3,290 0.37 3.4

FIRST MODE TESTS

37N-SD 5,050 0.53 3.9

*In all tests except 19N-D the direction of sweep was down, i.e.,
from a higher to lower frequency. In 19N-D the direction of the
sweep was the reverse.
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TABLE 9

SECOND TORSIONAL MODE DAMPING TESTS WITHOUT
EXTERNAL CLADDING, NORTH-SOUTH DIRECTION

FORCE LEVEL PERIOD DAMPINGTEST NO. AT RESONANCE (SECONDS) (PERCENT)(LBF)

3N-SD 4,500 0.28 2.6

llN-SD 5,000 0.28 2.1

13N-D 9,910 0.29 2.5

15N-D 15,140 0.30 3.2

17N-D 20,160 0.31 2.8

20N-D 19,140* 0.31 1.6

21N-D 26,940 0.32 2.8

24N-SD 5,190 0.30 2.5

FIRST MODE TESTS

36N-SD 5,470 0.34 2.8

*In all tests except 20N-D the direction of sweep was down, i.e.,
from a higher to lower frequency. In 20N-D the direction of the
sweep was the reverse.

TABLE 10

UNIFORM BUILDING CODE EQUIVALENT OF FORCES
INDUCED DURING TEST NO. 23E-D

PERIOD VT/VC - BASE SHEAR
CODE

(SECONDS) ZONE 4 ZONE 3 ZONE 2 ZONE 1

74-UBC MEAS. = 1.67 2.7 5.4 10.8

74-UBC CODE = 1.1 2.4 4.8 9.6

76-UBC MEAS. = 1.67 1.5 2.0 4.0 8.0

76-UBC CODE = 1.1 1.2 1.6 3.2 6.4

NOTE: 1. The measured base shear was 250 kips.
2. The input force at resonance was 18,800 1bf.
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Fig. 44

Fig. 45 Column 38, Level 4,
after Test No. 29N-D

Fig. 46 Column 38, Level 4,
after Test No. 4lN-D
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MASONRY BUILDING

by

R. M. Stephen
Principal Development Engineer
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INTRODUCTION

The design of multistory structures subjected to dynamic forces resulting
from foundation motions requires a consideration of both the characteristics
of the ground motion and the dynamic properties of the structure. The avail
ability of high-speed digital computers and the sophistication of the ideal
ization of structures and the computer model formulation of the structure
have made available the elastic, and in certain structural systems, the
inelastic response of structures when subjected to earthquakes. However,
the accuracy of the results in large measure depend upon the computer model
formulation of the structure and its foundation. In order to determine the
accuracy of the calculated results and to accumulate a body of information
on the dynamic properties of structures, especially when these structures
have novel design features, a number of dynamic tests have been conducted
on full-scale structures I1J.

For the above reasons a dynamic test was performed on the Oak Center
Towers, Oakland, California [2J.

DESCRIPTION OF BUILDING

The Oak Center Towers is an eleven-story structure located in Oakland,
California. The 100-foot-high building has an overall plan of 85 feet by
200 feet. The building is offset in the middle by approximately 16 feet so
that it does not have a pure rectangular plan. It is constructed with rein
forced concrete block shear walls and prefabricated prestressed concrete slab
elements. The elevator shaft is located in the center south section of the
structure with stairwells at either end. Figure 1 shows the east elevation
of the building.

The building is designed as a housing development for the elderly and
is therefore modular in concept. The building is serviced by two elevators
in the center south section of the structure. Stairwells are located on
either end of the building. Figure 2 shows a typical floor plan for the
second through eleventh floors.

The vertical and horizontal load carrying systems are reinforced con
crete masonry shear walls in both the transverse and longitudinal directions.
These walls rise from the first floor and run up to the roof except in one
section on the south end of the first floor where the dining room is located.
In this location the walls terminate at the second floor and a reinforced
concrete frame system carries the loads to the foundations.

The foundations are in general spread footings under each of the walls



from 4 feet to 6 feet in width and 18 inches thick.

The compressive strength of the masonry unit is 3000 psi below the
eighth floor and 2000 psi above the eighth floor. All of the cells in the
masonry were grouted with 4000 psi hard rock concrete.

The transverse walls are made up of eight-inch-wide blocks from the
first floor to the roof. The longitudinal walls, which basically run down
each side of the corridor, are twelve-inch-wide block up to the fifth floor
and eight-inch-block from the fifth floor to the roof.

The minimum reinforcement consisted of two number 4 bars at 24 inches
on centers vertical and the same horizontal for the twelve-inch block and
in the eight-inch block one number 4 bar at 24 inches on center, both
vertically and horizontally. Special reinforcement is added at wall ends,
corners and where two walls connect. This consisted mainly of number 8 bars
up to the eighth floor then number 6 bars from the eighth to the tenth floors
and number 5 bars from the tenth floor to the roof.

The floor system consists of precast prestressed plans 6 inches deep and
40 inches wide spanning between the transverse walls. A two-inch lightweight
concrete topping is placed over these planks.

EXPERIMENTAL PROGRAM

Forced vibrations were produced by two rotating-mass vibration generators
or shaking machines mounted on the eleventh floor of the building and oriented
so as to induce the maximum forces in the east-west and north-south directions
as shown in Figure 2. A complete description of the vibration generators is
given elsewhere [1,3].

The transducers used to detect horizontal floor accelerations of the
building were Statham Model A4 linear accelerometers, with a maximum rating
of ~ O.25g. The electrical signals for all accelerometers were fed to ampli
fiers and then to a Honeywell Model 1858 Visicorder. For the translational
motions the accelerometers were located near the center of the floor and
oriented so as to pick up the appropriate east-west or north-south accelera
tions. For recording, the torsional motion accelerometers were properly
oriented near the north and south ends of the building. To determine the
resonant frequencies of the building the accelerometers were located on the
eleventh floor. In addition vertical accelerations were taken at six loca
tions on the first floor to determine the foundation motion. The mode shapes
were evaluated from records taken at all of the floors, including the roof.

MATHEMATICAL MODEL

A mathematical computer model of the Oak Center Tower building was
formulated to assess its dynamic characteristics. The model was formulated
using both a rigid base and a flexible base. TABS, a general computer program
developed by the Division of Structural Engineering and Structural Mechanics
of the Department of Civil Engineering at the University of California,
Berkeley, was used to calculate the frequencies and mode shapes of the build
ing. A complete description of this program is given in reference 4.
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The program considers the floors rigid in their own plane and to have
zero transverse stiffness. All elements are assembled initially into planar
frames and then transformed, using the previous assumption, to three degrees
of freedom at the center of mass for each story level (2 translational, 1
rotational). Coupling between independent frames at common column lines is
ignored. The basic model of the building was formulated as a system of inde
pendent frames and shear wall elements interconnected by floor diaphragms
which were rigid in their own plane and fixed at the first floor level.

The story masses were obtained from the approximate dead loads per floor.
These lumped weight values include the floor slabs and masonry walls for each
floor level.

During the experimental phase of the work, significant vertical motion
was recorded at the first floor level in the building. Therefore, as a second
basic approach the model was allowed to have a flexible base.

Based on the measurements of the ground accelerations at the first floor
of the building the following approach was used.

It was assumed that the accelerations measured were due primarily to
first mode response. As such, a first mode shape was assumed and acceleration
values at each mass point computed. These were used to calculate an effective
overturning moment Which, when compared with the measured ground acclerations,
allowed an assessment of the base rotational and translational stiffness. An
additional basement story was added to the structure with the stiffness values
as determined above, assigning to the elements as a means of modeling the
rotational and translational flexiblity.

RESULTS

In the forced vibration tests, two translational modes in the east-west
and north-south directions were excited, as well as the one torsional mode.
Typical frequency response curves in the region of the resonant frequencies
are shown in Figure 3. The typical vertical and horizontal mode shapes are
shown in Figure 4. The resonant frequencies and damping factors evaluated
from the experimental data along with the analytical results are summarized
in Table 1.

CONCLUSlONS

In comparing the forced vibration as well as the analytical solution it
is noted that there is reasonable agreement in the first two modes, although
this does not hold as true for the higher modes. The analysis indicated that
in the first E-W mode there was a significant contribution of torsion in this
mode. This is also noted in the forced vibration study where the first E-W
mode and the first torsional mode (2.78 and 2.83 cps, respectively) were very
close together.

The predominant feature which came out of the analytical solutions was
the effect of the foundations on the response of the structure. The funda
mental frequency was almost half for the flexible foundation as for the rigid
foundation (2.45 versus 4.13 cps, respectively). The analysis of very rigid
structures on flexible foundations must consider the soil-structure interaction



phenomena or the solution could be as much as 100 percent off.

It is apparent that for structures where the in-plane stiffness of the
floor system is less or comparable to the stiffness of the lateral load
resisting system, the assumption that the floors are rigid in their own plane
does not seem to hold true.

This same response regarding the flexibility of the foundation and the
in-plane bending of the floor system was also noted in some recent forced
vibration studies carried out on a building in Sarajevo, Yugoslavia [5].

The damping values determined from the forced vibration studies varied
from about 2 percent to almost 9 percent. The higher damping values could
be due to the flexibility of the foundations and their contribution to the
response of the building.

TABLE 1 COMPARISON OF RESONANT FREQUENCIES AND DAMPING RATIOS

MODE

1 2

EXCITATION FORCED ANALYSIS FORCED ANALYSISVIBRATION VIBRATION

FREQ DAMP FIXED FLEX FREQ DAMP FIXED FLEX
cps % BASE BASE cps % BASE BASE

E-W 2.78 6.4 4.50 2.45 5.82 2.1 14.49 4.13

N-S 3.30 8.8 4.98 2.98 5.93 2.8 5.08 --

Torsional 2.83 2.6 -- -- -- -- -- --
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INTRODUCTION

Currently there are three programs in the U.S. that provide for the
strong-motion instrumentation of buildings. The U.S. Geological Survey
(USGS), with funding from the National Science Foundation and other
cooperating Federal and State agencies, operates a national network of
strong-motion instruments, the California Division of Mines and Geology
(CDMG) operates a statewide strong-motion program that is funded through
a tax on building permits, and municipal building codes in some cities
in the most active seismic areas of the U.S. require accelerographs in
most buildings over six stories in height [2, 5]. Eishty to ninety percent
of the approximately 300 buildings that have been instrumented to date in
the U.S. have been instrumented as a result of building code requirements;
most of the remainder have been instrumented under the CDMG program.

This paper describes current USGS guidelines for the strong-motion
instrumentation of buildings in general, and reinforced concrete
buildings, in particular. These guidelines, developed by Rojahn and
Matthiesen [7] and implemented both by USGS and CDMG [6] differ radically
from those specified in existing building codes. The codes simply require
three triaxial accelerographs in each instrumented building (one in the
basement, one at mid-height, and one near the top), whereas the techniques
prescribed here utilize state-of-the-art remote recording instrumentation
located in accordance with known or expected mode shapes and so as to record
separately both translational and torsional response. The guidelines are
intended to overcome some of the major weaknesses of the code requirements,
both with regard to type and location of instrumentation, as well as the
selection of buildings to be instrumented. The underlying objective is to
obtain data that can be used to improve engineering design practice.

BUILDING SELECTION

The two most important considerations in selecting buildings for
strong-motion instrumentation are structure location and type. Structure
location is crucial because the selection of an inappropriate location
may result in noncritical or, at worst, no data; structure type is
important because it dictates the usefulness of any derived data and
resulting analyses.

It is essential that buildings selected for instrumentation be
located in areas where damaging or severe non-damaging levels of strong
ground motion can be expected to occur at least once within the life of



the instrumentation, currently estimated to be 20 to 40 years (oral
commun., H. T. Halverson, 11/4/77), To do otherwise would be to lower or
negate the probability of obtaining data from damaged or heavily loaded
structures--the most interesting, critical, and difficult information to
obtain. Furthermore, if the probability of obtaining significant strong
motion data is low (or nonexistent), then the probability of wasting the
entire financial outlay for instrumentation, currently estimated to
average $15,000 per structure for instrument purchase and installation and
$600 per year for maintenance (oral commun., T. M. Wootton, 11/7/77), is
high (or assured). This possibility is surely economically undesirable.

In selecting structures for instrumentation, consideration should
also be given to the estimated natural frequencies of predominant
response of the structure in comparison with the frequency range of
expected high-amplitude long duration ground motion. This is important
because damage potential is related to the frequency content of ground
motion. High-frequency structures, those with fundamental frequencies
above 2 Hz, should be instrumented in areas where high-amplitude motion
is expected to be in the same high frequency range; conversely, lower
frequency structures should be instrumented in areas where predominant
strong ground motion is expected to be in the lower frequency range. In
the western U.S., for example, where high-frequency motion tends to
attenuate more quickly with distance from the source of energy release
than does lower frequency motion, those low-rise (1- to 6-story) and
other high-frequency buildings that are selected for instrumentation
should be located near the potential source of energy release, say 10 km
or less. LOW-frequency motion, on the other hand, can be expected to be
significant at all locations between those reasonably close to the source
of energy release and those as far away as 150 km or more.

Buildings selected for instrumentation should be typical in terms of
age, type of construction, and number of stories, as well as simple in
framing and design. If the structural design concept is simple, both the
required instrumentation and the assumptions necessary for interpretation
of any derived strong-motion data are minimized. The advantage in selec
ting typical buildings is that the results are transferrable, i.e., the
results from analyses of derived data can be applied to other similar
structures.

RECOMMENDED INSTRUMENTATION

It is recommended that remote recording instrumentation, consisting
of single-axis or multiaxial accelerometers connected via data cable to a
central recorder or recorders, be used rather than a system of three
triaxial optical-mechanical self-contained accelerographs, as is presently
required by the City of Los Angeles and other municipalities that adopted
similar ordinances. The remote recording systems record data on a common
time basis and are recommended because: the accelerometers, which are
available in one-, two-, or three-component configurations, require less
space than the triaxial self-contained accelerographs; the accelerometers
can be attached directly to the building's structural system at all
locations of interest including columns; the recorder or recorders can be
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located at one convenient location for easy maintenance and record
retrieval; and there need be no loss in the frequency range of flat
response for the system, which is equivalent to that of the modern
triaxial self-contained accelerographs--O to 20 or 25 Hz. Furthermore
and perhaps more important, triaxial systems like those presently required
in code-instrumented buildings do not provide enough data to isolate
translational and torsional response, a capability that forced-vibration
tests as well as analyses of the 1971 San Fernando earthquake records
indicate is vital even in highly symmetrical buildings [7].

GUIDELINES FOR ACCELEROMETER PLACEMENT

As a minimum, accelerometers should be placed on the lowest and/or
ground level, at the main roof level, and at one or two intermediate
levels. The quantity and arrangement of instrumentation at these levels
are dependent upon foundation conditions and type, building size,
structural framing system, known dynamic characteristics, and the
location of seismic joints.

Accelerometers are placed on the lowest level in order to record the
input motion at the base of the structure. As a minimum, it is recommended
that three orthogonal accelerometers (two horizontal and one vertical) be
attached firmly to the foundation or floor near the center of plan with the
horizontal accelerometers oriented parallel to the transverse and longi
tudinal axes of the buildings. If the foundation conditions are such that
differential horizontal motion may occur, one or more additional horizontal
accelerometers are recommended. In a building that is large and relatively
square in plan, two additional accelerometers should be positioned along
and parallel to two adjacent outside walls (figure 1), whereas in a
building that is very long in comparison with its width, one additional
accelerometer positioned along and parallel to one of the outside end walls

t

Suggested additional~- _
accelerometers for ,-----'''''''"''''''"_------,
rec()rding differential
horizontal foundation
motion

Triaxial accelerometer
package (minimum
suggested instrumentation)

Plan of Lowest Level

EXPLANATION
-- Horizontal accelerometer
• Vertical accelerometer

Figure 1 .--Suggested strong-motion instrumentation scheme for recording

differential horizontal foundation motion in a building that is
large and relatively square in plan.



may be sufficient. If the building has a rigid mat foundation and rocking
motion is expected, or if rocking of a shear-wall or steel bracing system
is expected to be significant, additional vertical accelerometers are
recommended. For the mat foundation case, one vertical accelerometer
should be positioned in each of three corners of the building so that
rocking motion can be recorded along any azimuth. In the shear-wall or
steel bracing system case, one vertical accelerometer should be positioned
at each end of the wall or bracing system.

In buildings without basements, the lowest level would of course be
the ground level and should be instrumented in accordance with the above
guidelines. In buildings with one or more basements, however, it would be
desirable to instrument both the ground and lowest level if it is likely
that the motion will be significantly different at the two locations. In
buildings without shear-walls between the ground and lowest level, for
example, instrumentation of both levels is particularly important,
primarily because the effect of the surrounding soil and retaining walls
on the building's mode shapes is unknown, In this case, it is recommended
that the ground level be instrumented in the same general fashion as the
roof and other above-ground levels.

Above ground level, significant building response to earthquake motion
is primarily horizontal in nature. Appropriate instrumentation, therefore,
would consist of an array of remote horizontal accelerometers located at
the roof level and at one or more intermediate floors, The arrangement of
horizontal accelerometers at each of these levels is influenced by the
presence of seismic joints and the stiffness characteristics of the floor
(or roof). If there are seismic joints, each isolated section should be
treated as a separate building and instrumented accordingly. If the floor
(roof) is very stiff and is expected to be rigid in the horizontal plane,
three accelerometers are recommended (figure 2), A biaxial pair should be

L
Plan of Upper Floor or Roof

---. Horizontal accelerometer

Figure 2.--Suggested strong-motion instrumentation scheme for roof
(or floor) expected to be rigid in the horizontal plane.

located at the predicted or known center of rigidity so as to record, if
possible, purely translational motion. The accelerometers should be
oriented parallel to the transverse and longitudinal axes of the building
(parallel to the biaxial pair on the lowest level). The third accelero
meter should be positioned along and parallel to the most distant outside
end wall so as to obtain, after analysis, torsional motion, If the floor
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(roof) is not expected to be rigid in the horizontal plane, one or more
additional horizontal accelerometers are recommended. The location of each
of these will be dependent upon the expected response of the floor (roof).
For example, in the case of a rectangular-plan exterior shear-wall building
with a floor (roof) diaphragm flexible in·the transverse direction and not
in the longitudinal direction, one additional accelerometer is recommended.
It should be positioned (figure 3) so as to facilitate the interpretation
of relative motion in the transverse direction between the end walls and
the center of the floor (roof) diaphram o Other flexible floor (roof)
diaphragm systems should be instrumented similarly, that is, so as to
facilitate interpretation of potentially significant relative motion(s).

t L t~~~,~"
Plan of Upper Floor or Roof

_ Horizontal accelerometer

Figure 3.-- Suggested strong-motion instrumentation scheme for roof
(or floor) where relative diaphragm motion is expected in
the transverse direction.

The number of intermediate levels at which instrumentation should be
installed is a function of the structural framing system, number of
stories, and known dynamic characteristics of the building. As a minimum,
it is essential to instrument the roof covering the main portion of the
building (not the roof of a penthouse that is significantly smaller in
plan) to obtain maximum amplitude data on first mode response. In general,
additional instrumentation is recommended at as many intermediate floors as
is economically feasible although the instrumentation of more than three
intermediate floors may be unnecessary. This suggested upper limit of
three instrumented intermediate levels is based on the observation that
predominant building response to strong earthquake motion generally occurs
in one or more of the first four modes [7]. Since it is necessary to
instrument only one above-ground level for every mode of response about
which information is desired, instrumentation would be required only at a
maximum of four levels above ground, regardless of building height. In
general, it is recommended that at least two intermediate levels be instru
mented in buildings having more than six stories above ground, and at least
one level be instrumented in buildings having two to six stories. If the
mode shapes of predominant response of the building have been determined
by ambient-vibration or forced-vibration tests, however, it is probably
necessary to instrument only one intermediate level (in buildings of any
height). When only one intermediate level is to be instrumented, it should
not coincide with a nodal point of any of the modes of predominant response,
rather, it should coincide with what we shall call an "anti-node" area.
Similarly, if two or more intermediate levels are to be instrumented, at
least one should coincide with an "anti-node" area. The other instrumented
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intermediate level or levels, however, could be located at a nodal point of
one or more of the modes of predominant response, and in fact, it may be
desirable to do so in order to filter one or more specific modes of response
out of the recorded data, and thereby facilitate data reduction and analysis.
A recent optimization study has implied that the second floor (first level
above ground level) is always an "anti-node" area in multistory frame
buildings, regardless of their height or number of stories [8]. This level,
then, is definitely a good candidate for instrumentation as the primary
"anti-node" level in frame buildings. Close examination of the mode shapes
in figure 4 suggests that other "anti-node" areas for buildings uniform in
plan with height are located at about 20%, 40%, and 70% of the above ground
building height. Nodal points for the same mode shapes are located at
approximately 30%, 50%, 60%, 80%, and 90% of the above ground building height.
Unless mode shapes based on a computerized model, on an ambient-vibration
study, or on a forced-vibration study of a building are available, these
generalized mode shapes are recommended for use in determining optimal
locations for intermediate level instrumentationo

-1.0 0
Third mode

-1.0 0 1.0
Fourth Mode

(After Jennings, 1969)

-1.0 0 1.0
Second Mode

0 0 1.0

First Mode

1.0

Figure 4.--Experimentai and analytical mode shapes for buildings.

INSTRUMENTATION OF REINFORCED CONCRETE BUILDINGS

Below are specific recommendations on strong-motion instrumentation
schemes for reinforced concrete frame buildings and reinforced concrete
shear-wall buildings. The schemes are based on the assumption that
ambient-vibration or forced-vibration tests have not been performed on the
buildings and little is known about their dynamic characteristics.

Reinforced Concrete Shear-Wall Buildings

In general and as a minimum, it is recommended that strong-motion
instrumentation be placed at the main roof level, second level, and ground
level. If the building has more than six stories above ground, one addi-
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tional intermediate level should be instrumented, and if there is one or
more basement levels and it is likely that the motion at the two locations
will be significantly different, the lowest basement should also be in
strumented. Instrumentation of the second level is particularly impor
tant. In addition to the fact that the second level is always an "anti
node" area, it is the level at or near which the most severe structural
damage is likely to occur in most buildings. This expectation is based on
the fact that earthquake loads are input at the base of the building, shear
loads are greatest near the base, and the maximum inter-story displacements
are likely to occur between the ground and second level. Moreover, field
observations of earthquake damage strongly suggest that the onset of severe
structural damage, particularly in buildings that are uniform in plan with
height, is likely to occur in the vicinity of the second level. Of the five
reinforced concrete frame buildings and one reinforced concrete frame and
shear-wall building that were structurally damaged by the 1971 San Fernando
earthquake [1, 4] all sustained their most severe structural damage at the
second level or between the ground and second level (in most cases one or
more beam-column joints and/or columns were damaged). Similar trends in
damage were observed by the author, and others in Bucharest, Romania after
the March 4, 1977 earthquake.

Shown in figure 5 is a suggested strong-motion instrumentation scheme
for a typical 13-story moment-resistant reinforced concrete space frame

t: H

2nd Sub-level Plan

Ground Floor, 2nd Floor,
8th Floor and Main Roof Plan

Sub-level

Floor

Floor
nd Floor

Penthouse Roof

n Roof
I I

Mai......

8th......

~
2nd

Grou
//"-; r 0""/ .t 2'''2nd

EXPLANATION

• ~ Horizontal (H) or vertical (V) accelerometer

• Central recorder

Figure 5. --Suggested strong-motion instrumentation scheme for a typical 13-story

moment-resistant reinforced concrete frame building.



building with rigid concrete floor slabs. The scheme has been designed in
accordance with the above guidelines and has been installed in a building
in Los Angeles under the California Strong-Motion Instrumentation Program.
Instrumentation is located at the main roof, eighth floor, second floor,
ground floor, and lowest basement level. With the exception of the eighth
floor, the reasons for selecting each level are described in the above
guidelines. The eighth floor was selected for instrumentation because it
is located near the mid-height of the structure, the region where second
mode response of the building would be maximized and where third-mode
response, which will be recorded at the roof and second floors, is not
likely to appear. In essence, third-mode response is intentionally being
filtered from the recorded data in order to facilitate data reduction and
analysis. The fourth mode, of course, would be recorded at all three
above-ground locations.

Reinforced Concrete Shear-Wall BUildings

In general and as a minimum, it is recommended that strong-motion
instrumentation be placed at the main roof level, one or two intermediate
levels (one level in buildings with six or less stories and two in build
ings with more than six stories above ground), and on the lowest level.
When only one intermediate level is to be instrumented, the instrumentation
should be located at the second level, or level nearest 20%, or 40%, of the
above-ground building height. When two (or more) intermediate levels are
to be instrumented, the instrumentation should be located at any two (or
more) of the following four: second level, or level nearest 20%, 40%, or
70%, of the above-ground building height.

Shown in figure 6 is a suggested strong-motion instrumentation scheme

rr--------..=------,,-, - Roof
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3rd Floor and Roof Plan

Elevation View

.~

Ground Floor Pion

EXPLANATION
Horizontal (H) or Vertical (V) accelerometer

• Centrol recorder

Figure 6.--Suggested strong-motion instrumentation scheme for a typical five-story

reinforced concrete shear-wall building.
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for a typical five-story building with reinforced concrete shear-walls in
both directions along the perimeter walls. In-plane bending of the floor
slabs is anticipated in the transverse direction, differential horizontal
foundation motion is possible, and potential rocking motion of the end-wall
shear-walls is of interest. In accordance with the above guidelines, four
horizontal accelerometers have been located at the roof level and third
floor (the intermediate level nearest 40% of the above-ground building
height) and a triaxial accelerometer package, an isolated single-axis
horizontal accelerometer, and two special-purpose vertical accelerometers
have been located at the ground level. The purpose of the lone horizontal
accelerometer is to obtain information on differential horizontal ground
motion, whereas the purpose of the vertical accelerometers at each end of
the shear-wall is to obtain rocking motion data.
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EARTHQUAKE SIMULATION IN THE LABORATORY
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Generation of earthquake-like motions in the laboratory to shake test
structures is not new [2,3,5,8,13]. However, the earthquake simulator has
not yet been accepted as the ordinary and limited experimental research tool
that it is. Most of those who have thought about it seem to be divided into
two opposing camps [4] with essentially the same viewpoint. Some believe that
total simulation can and should be achieved, with the results directly and
incontrovertibly applicable to practice. Thus, the simulator becomes the total
tool for which no expense is beyond contemplation. Others believe that total
simulation should but cannot be achieved, concluding therefore that if the
simulator cannot do all, it should do nothing.

This paper attempts to discredit the myth of the earthquake simulator as
the total and final arbiter and develop a basis for its use as a laboratory
tool for structural research related to reinforced concrete.

Earthquake simulation in the laboratory may be defined as the process of
moving, at prescribed varying rates of speed, the base of a test structure
through a displacement program representing one or several components of a
representative or particular earthquake motion. The energy and control require
ments for such an undertaking tend to limit the size of the test structure and
the number of base motion components in a given test. This central restraint
leads to a series of compromises which reduce the test structure, not necess
arily in size, to a model with all the attendant doubts about its relevance
uo the real thing. One conclusion from this predicament is readily apparent.
The simulator can simulate conveniently only a segment of the total phenomenon.
Consequently, trends observed in the simulated environment may not be trans
ferred to practice without assimilating them in terms of strain geometry,
forces, and explicit force-displacement relations (as it ought to be done for
static testing). This is a severe limitation. It suggests that the control
ling resistance mechanisms of a complex test structure must be limited to
those reasonably well understood in terms of transferable index values (such
as cylinder strength), virtually limiting the reinforced concrete test
structure to failures in axial load and flexure.

If the above limitation is accepted, the role of the simulator model in
the range of nonlinear response becomes subservient to that of the analytical
model. The simulator may be thought of simply as an experimental device to
test an analytical model, for a particular combination of basic controllable
variables. This definition may be considered too narrow in view of the possi
bility of establishing, through a series of simulator tests, the effect of a
specific variable. But such an undertaking is feasible only for simple
specimens, and answers which can be obtained from simple specimens can, in
almost all cases, be obtained more economically without the use of the earth
quake simulator. Parametric studies of any reasonable extent using the
simulator become economically unreasonable for complex test structures.



Considering the use of the simulator as a tool for general structural
research in reinforced concrete (as distinguished from proof testing), the
following sections discuss the nature of the base motion, the design of
experiments, and a sample of results obtained using the University of Illinois
Earth~uake Simulator. The physical attributes of various current-generation
earth~uake-simulatorfacilities are described in references [3,4,12,15,18,19].

SIMULATED EARTHQUAKE MOTION

The first and obvious question about a simulator facility is the quality
of the earthquake-motion component that it reproduces. Before considering
this question, it is helpful to remember that how precise the reproduction
must be depends on the particular model and the phenomenon being studied.
Otherwise one can go to the absurd as in the case of investing in loudspeakers
which can reproduce frequencies of sound quite inaudible to the human ear.

Assuming that the main role in structural research of the earthquake
simulator is to provide an experimental test of an analytical model, the
critical question is not whether the system will produce an earthquake motion
-- as this question becomes embroiled in the problems of defining a universal
earthqUake motion -- but whether it will reproduce a motion, with "typical"
characteristics, being used as input for an analytical model. Contained in
this question is the assumption that the "input motion'" for the simulator
precedes that for the analytical model because reversing this order would make
the concern trivial. For the simUlator to function as an experimental tool,
it has to be able to reproduce a particular motion on command. Totally random
motion, even if it qualified every time as an earth~uake motion, would prohibit
direct comparisons of the behavior of different systems.

Perfect fidelity in reproducing an input motion is certainly not undesire
able. Lacking that level of attainment, this section reconsiders a procedure
for judging the goodness or acceptability of the reproduced motion suggested
in reference 15. The tests of goodness are limited to the relationship
between the input and the reproduced motions, and do not entail questions
about what constitutes an acceptable base motion.

Figure 1 shows two acceleration-time records. The "input" motion is, in
effect, the desired prototype. It was modeled after the North component of
the record obtained at El Centro during the Tehachapi earthquake of 1940, with
the time and acceleration scales modified to suit a particular test. The
"base" accelerations are those measured at the base of a ten-story test struc
ture mounted on the platform of the simUlator.

The acceleration ordinates for the base are the actual measured values.
The input accelerations were normalized so that the spectrum intensity cal
culated for the input record would be equal to that for the measured record.
(The magnitudes of the input accelerations are significant only in relation
to each other. The absolute accelerations on the platform are controlled by
the amplification system of the simulator, ideally without distortion.) The
time (horizontal) scale was modified by a factor of 2.5 (platform time was
2.5 as fast as real time) in order to excite the small-scale structural model.

A visual comparison of the two records will reveal that the reproduction
was not perfect. Besides developing a high-frequency low-amplitude noise
toward the end, the acceleration record measured on the test platform does
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not exhibit the same relative magnitudes of consecutive peaks as the input
record.

As the second broad-brush test of goodness, Fig. 3 compares the acceler
ation and displacement spectra, at damping factors of 0.02, 0.05, 0.10, and
0.20, for the input and measured acceleration records. It should be noted
that both acceleration and displacement values have been plotted to an
arithmetic scale. The abscissas are given as frequencies to 10 Hz and as
periods from 0.1 sec. in order to expand the frequency range of interest in
the model environment. The logarithmic plot (Fig. 2) is not of as convenient
use in comparing test motions as the arithmetic plot because of the distortion
of the magnitude scales.

In relation to the test of a reinforced concrete test structure excited
into the nonlinear range of response, it is more meaningful to evaluate the
acceptability of the reproduced motion by comparing response spectra calcu
lated for a damping factor of 0.10, because the equivalent damping factor for
the test structure is usu?lly in that range.

The fact that the calGulated responses to the input and reproduced
motion are in general of comparable magnitude is not quite significant. The
input acceleration record was normalized on the basis of the spectrum intensity.
However, the fact that the shapes of the curves indicating response at a
particular damping factor are in conformity is significant and positive. The
acceleration response (damping factor ~ 0.10) is reasonably flat from 25 Hz to
0.25 sec (4 Hz) for both the input and reproduced motions. Acceptable agree
ment between the two motions may also be inferred from comparison of the
displacement responses.

Because the response spectra provide no information on the sequence of
events, agreement of the linear response spectra for the input and reproduced
motions is essential but not sufficient for judging the acceptability of the
reproduced motion. A convenient measure of the goodness of the motion with
respect to sequence as well as content of frequency components of the repro
duced motion may be provided by comparing the responses of a number of SDOF
oscillators having natural frequencies covering the range of frequencies in
which the model to be tested is expected to respond.

As an example, compare the response histories in Fig. 4, calculated for
the first six seconds of the two motions in Fig. 1, of three linearly
elastic SDOF oscilators having natural frequencies of 8.0, 4.0, and 2.0 Hz
with damping factors of 0.02 and 0.10. Although a quantitative index value
could be devised, it is preferable to conduct the comparison visually if only
to force the test designer to develop a better perspective.

Comparing the pertinent response histories, it is seen that (a) the
response maxima occur at comparable times for the input and reproduced motions
in all cases and (b) the waveforms are reasonably close. Least favorable
comparisons of the waveforms occur at the two extremes of the frequency
damping plane, at 8 Hz for a damping factor of 0.02 and at 2 Hz for a damping
factor of 0.10.

On the basis of the comparisons included in Fig. 4, it may be inferred
that if the desired responses of the test structure are dominated by fre
quencies in approximately the range 8 to 2 Hz, the reproduced motion is



satisfactory even if it is not a perfect copy of the input motion. The
inference could be strengthened by using a complex analytical model of the
test structure rather than a collection of linear oscillators, but such an
approach is expensive, can be done properly only after the fact, and invites
a question as to the necessity of the testing effort if the analytical model
is that reliable.

TEST STRUCTURE

Foregoing the use of earthquake simulation as a "proof test" frees
experimental design from the rather rigid requirements of similitude which
can get to be virtually impossible to satisfy completely in the case of
nonlinear response of small-scale test structures. The experiment is designed
to test a theoretical construct rather than a particular structure. Used in
this context, the simulator study is comparable to computer simulation and
is susceptible to similar pitfalls of distortion in the construction or load
ing of the model.

An important consideration in designing the test structure is that what
should be modeled is the structural response rather than the geometry of the
structure. Although it is an added asset from the viewpoint of disseminating
the results, visual similarity is a negotiable requirement.

Within the current state of the art, the basic principle for proportion
ing structural elements is that the response of the reinforced concrete model
be dominated by internal stresses parallel to the axes of the elements,
because the interrelationship among axial load, bending moment, and rotation
can be related to material properties through reasonably explicit procedures.
Even within those bounds, conclusions from studies of test results may be
crippled if observed phenomena are dependent on effects difficult to ration
alize, such as the effect of lateral confinement of the concrete by model
transverse reinforcement.

Given the overall objective of establishing the nonlinear response
characteristics of a structural system or concept to a particular type of
earthquake motion, the design of the experiment follows certain general
restraints created by (a) the characteristics of the material, (b) dimensional
minima related to fabrication requirements, and (c) the operating limits of
the simulator. Because the "earthquake" can be tailored to fit the structure
as well as the structure can be proportioned for the earthquake, the freedoms
may often outweigh the restraints. The optimum experiment is more of a func
tion of the traditions and data handling capabilities of the particular
laboratory than of the physical restraints.

Material

Whatever the size of the test structure, there is little incentive or
justification for using a material other than some form of reinforced concrete.
If the quest is learning about the nonlinear response of reinforced concrete,
ordinary or small-scale reinforced concrete is the most efficient way of
obtaining elements with the desired moment-rotation characteristics.

Independently of the size of the concrete and the reinforcing bars used,
it is inadvisable to plan experiments which will be influenced by shear or
bond failures or distribution of flexural cracks. Experimental study of such
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phenomena require extensive replication and ought to be handled using static
loading and specimens as close to "full scale" as possible. The possibility
of, for instance, a shear failure occurring as a result of dynamic loading -
from an increase in the yield stress of the longitudinal reinforcement --
can be avoided with trivial increase in cost of construction in the realm of
typical strain rates associated with earthquake response.

If the size of the test structure demands the use of small-scale concrete,
then it is essential that bond and shear stresses do not have major influence
on the observed behavior. In relation to this point, it should be mentioned
that reinforcing details, of which effects are not to be investigated in small
scale, need not conform to those in full scale structures. For convenience,
transverse reinforcement may be provided by a continuous "spiral" and
anchorage by mechanical attachements.

If the stiffness of the system at steel stresses well below yielding is
critical for the test results, small scale structures should be used only
after exploratory experimental work with static loads demonstrates that the
flexural-crack formation and distribution are comparable to' those in full
scale elements.

Initial Stiffness and Weight

The choices of initial stiffness (or dimensions and reinforcement) and
weight of the structure are governed by the fabrication limitations of the
test structure including the added masses, the necessity to maintain the
critical strain rates in the reinforcement within an acceptable range [14,1@,
and the operating limites of the simulator.

The typical operating l~mits in one direction of a simulator system may
be illustrated in terms of the variation of maximum acceleration with fre
quency of motion as shown qualitatively in Fig. 5. Quantities are used for
the x-axis to signal the distortion of the scale as well as to establish a
correspondence between this plot and the response acceleration plots.

The bound represented by line A refers to the acceleration limit and
would be likely to be controlled by the ratio of the moving effective mass
to the capacity of the hydraulic ram or the overturning moment on the test
platform even though the system may have a limit of acceleration independent
of the load on it.

Curves B and C refer to the velocity and displacement limits of the
system interpreted in terms of acceleration.

The bounds of a partiCUlar simulated earthquake motion may be represented
by the solid curve identified by the numeral (1). The location of these
bounds in Fig. 5 below the limiting bounds A, B, and C depend on choices made
by the experiment designer. Curve 1 can be shifted to the left in Fig. 5
by increasing the ratio of "real time to platform time" (by compressing
uniformly the time axis of the input record), or it can be shifted to the
right by decreasing the time ratio. Also, the amplitudes of curve (1) may
be increased by amplifying the input accelerations. In effect the experiment
designer has a certain amount of freedom to "adjust" the earthquake to fit
the demands of a particular specimen.



The effective frequencies of the test structure, which can be controlled
by selecting dimensions, floor masses and reinforcement, should have a
relationship to the bounds of the simulated earthquake motion comparable to
the relationship of the effective frequencies of the full scale structure
(or class of structure) to the bounds of the full scale earthquake motion.
This condition can be satisfied by modifying either the test structure or the
simulated motion, or both.

For example, assume that the initial design of a ten-story frame model
to be tested using a motion with the bounds represented by curve (1) resulted
in a calculated natural frequency of 10 Hz. Typically, the lowest mode
frequency of such a structure would be expected to be in the nearly-constant
velocity range of the spectral response curve (which may be related to the
base-motion bounds illustrated in Fig. 5 by an amplification constant).

To satisfy that condition, the test structure or the test motion has to
be changed. If convenient, the masses on the test structure may be increased
or the effective stiffness may be decreased to reduce the frequency. Alter
nately, the time ratio of the input acceleration record may be decreased to
develop the base-motion bounds represented by the broken curve (2) in Fig. 5.
If the response to this motion is not sufficiently high to damage the test
structure, the accelerations may be amplified to develop the bounds indicated
by curve (J).

Given the general types of the test structure and the base motion, the
pivotal criterion in the design of the test is the relationship of the
effective frequencies of the test structure to the test motion as outlined
above. Additional restraints are set by the strain rates and the necessity to
prevent large net tensile forces at the base of the test structure.

EARTHQUAKE SIMULATOR STUDIES OF REINFORCED
CONCRETE STRUCTURES

Although there are several laboratories with earthquake simulation
facilities in the United States, to date only two have reported experiments
of reinforced concrete structural systems with a view to structural research.

Figure 6 shows the two-story reinforced concrete frame tested at the
Richmond testing facility of the University of California by Hidalgo and
Clough [7]. There was virtually no "modeling" involved for this test except
that only one horizontal component of the prototype acceleration record was
used for the base motion (the time scale was not changed). The frame was
"half-scale" but the dimensions and the materials used would qualify the
structure as a "full scale" or, at least, an unwarped model, except for the
transducers, spliced into the columns at midheight, which could have been left
out and which would not be expected to have had critical influence on the
failure conditions of the columns. Any failure phenomenon observed in such a
structure could be analyzed directly and on the basis of phenomenological
approaches if necessary. For example, forces corresponding to shear failure
of the columns (had the columns failed in shear) or bond failure of another
element could have been normalized in terms of pertinent parameters and
applied directly in design. Obviously that strategem would have required a
large number of tests which would have been costly. The investigators did
not choose such an approach. Rather, they used the experimental results
primarily as tests of the analytical model which would then serve as a vehicle
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for generalizing the observations. Even with a large-capacity simulator,
the optimum use of the system is again as a device to provide physical tests
of analytical models.

The University of Illinois simulator has been used, because of its
limitations, almost exclusively for testing of planar small scale models.
A summary of the types of structures tested is provided in Fig. T. A
sample of results is shown in Fig. 8 and discussed below.

The acceleration records in Fig. 8 were obtained during an initial test
run of the ten-story wall shown in Fig. Te, described in detail in reference
1. The first record indicates the base accelerations. The succeeding ones
describe the acceleration-time histories measured at each of the ten levels.

It will be noted that the acceleration record is relatively clean of
second-mode components at level eight which level happened to be very close to
the node point for the second mode considering the structure as a linear
system. For the purpose of this discussion, it is not important what this
observation indicates. The observation itself is important. Despite all the
constraints of the experiment, the observation provides an insight into the
behavior of a complex reinforced concrete structure responding in the nonlinear
range. To obtain data of this type within a reasonable time span, the simu
lator is essential.

CONCLUDING REMARKS

Although attempts at earthquake simulation in the laboratory started as
early as at the turn of the century, the simulator has become a convenient
laboratory toml for structural research only within the last two decades
because of its dependence on advanced technology in electronic controls,
data acquisition, and data management.

In this observer's view, the role of the earthquake simulator in research
is narrower than but very much like that of the digital computer. The
simulation expands the possibilities of what can be stUdied without the
necessity of a large number of buildings having to undergo a large number of
earthquakes but it,can be as deceptive as it can be revealing.

In studying the response of building structure systems in reinforced
concrete, the admissibility of concentrating the masses at discrete levels
and the conjecture that energy dissipation is dominated by hysteresis in the
nonlinear range (which can be simulated satisfactorily in small or large scale
models) rationalize experiments outside the limits set by conditions of
similitude. Those phenomena which can be understood explicitly on the test
platform may be transferred to the real world with a reasonable level of
confidence. This approach has its own restraints and, in effect, makes the
earthquake simulator simply a device to provide physical tests of an analytical
model. In this role, the simulator becomes an irreplaceable technique in
improving knowledge on response of complex structures. Certainly it should
not be necessary to await a major earthquake to have a physical check on
whether the distribution of lateral strength, indicated by a proposed method
of analysis, over the height of a building with an irregular mass or stiffness
arrangement is satisfactory.



Using the earthquake simulator in the spirit of a proof test is plausible
in the case of, say, industrialized buildings or particular standard types of
construction. In that case, the simulation must be complete, a requirement
which unfortunately cannot yet be met by any facility in the United States.

The use of the earthquake simulator in studying the behavior of reinforced
concrete structures is still in its primitive stage. Considering that it takes
five to ten years to develop a simulator facility (development includes more
than the assembly of the physical devices) and accepting that it takes a
critical mass of at least half a dozen laboratories producing results to
enrich and define a research technique, it may be another decade before the
proper function of the earthquake simulator is established. However, there
is no doubt even now about the fact that earthquake simulation does and will
fulfill an important supporting role in structural research.
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WORKSHOP ON EARTHQUAKE-RESISTANT REINFORCED

CONCRETE BUILDING CONSTRUCTION (ERCBC)
University of California, Berkeley, July 11-15, 1977

THE EXPERIMENTAL INVESTIGATION ON ERRCBC WITH EMPHASIS
ON THE USE OF EARTHQUAKE RESPONSE SIMULATORS IN JAPAN

by

Tsuneo OKADA

Associate Professor
Institute of Industrial Science

University of Tokyo, Tokyo, Japan

INTRODUCTION

The importance of the dynamic testing on reinforced concrete building
constructions for developing more rational earthquake resistant design method
has been widely recognized and a number of experimental investigations have
been carried out especially in the last decade. The useful data have been
obtained, however, the incomplete problems still remain to apply the results
to practice. The objective of this report is to review the experimental
investigations on the !arthquake !esistant !einforced ~oncrete !uildin~ ~on

structions, with emphasis on the use of earthquake response simulators , car
ried out mostly in the last decade in Japan and to point out the specific
problems that need to be solved in the future.

METHODOLOGY FOR EXPERIMENTAL SIMULATION OF EARTHQUAKE RESPONSE

In reviewing the development of the experimental investigation on ERRCBC
in Japan, the research work done by the specific Committee, called TSI, or
ganized in Architectural Institute of Japan in the late 1940's should be
referred first, while it was accomplished nearly thirty years ago [1]. Because
the experimental investigations in Japan have been much influenced by the
Committee's work.

The Committee was established in 1948 to develop the method for evaluating
seismic capacity of existing buildings and the report was published on the ex
perimental studies associated with the analysis in 1950. The report consisted
of two parts. In the first part, the experimental techniques to evaluate the
seismic capacity of building constructions and the basic theory to analyze the
test data were discussed including the law of similarity between the prototype
building and the building model. The recommended methods for testing are;

1) Pseudo-dynamic loading test
2) Dynamic tests

a) Vibration table test
b) Vibration generator test, and
c) Artificial ground motion test

In the second part, the test results were described. Two full size rein
forced concrete buildings and a half scale building model were tested by the
pseudo-dynamic and/or dynamic loadings(Figs.l,2 and 3). Besides them, one-tenth
scale model of reinforced concrete walled type apartment house was tested on
the vibration table. The examples of the loading system are shown in Figs.l
and 3. The lateral load was applied by the chain blocks and alternated.
The dynamic load was applied by the unbalanced mass type of vibration generator

* Tools to simulate experimentally the earthquake response of structures.
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driven by an electromotor. All test buildings were loaded until about twice of
the design lateral force which was 0.2 in terms of the base shear coefficient.
Although the testings were stopped before collapse stage due to the limitation
of the capacity of the loading system, some of them reached nearly at the col
lapse stage. It should be worth to be mentioned (1) that the methodology for
seismic testing on full size buildings was developed thirty years ago and (2)
that it was applied to the building models including the real buildings to
evaluate their seismic capacities.

The experimental techniques applied to the simulation of earthquake res
ponse of reinforced concrete buildings and/or building models after the TSI
Committee's work including the last decade in Japan are;

a) Shaking Test on Earthquake Simulator
b) Shaking Test by Vibration Generator, and
c) Simulation by Computer-Actuator On-line System

A significant progress in this field is an electro-hydraulic actuator has be
come available for the power of the shaking table as well as the pseudo-dynamic
loading test. In this paper hereafter, the shaking table driven by the electro
hydraulic actuator is defined as the earthquake simulator for its high relia
bility to simulate the command earthquake ground motion, while the traditional
type of table driven by an electromotor is called the vibration table.

SHAKING TESTS ON EARTHQUAKE SIMULATORS

There may be no doubt in theory that a shaking test on the earthquake
simulator is the most reliable technique to investigate experimentally a re
sponse of buildings to a simulated earthquake ground motion. However, fewer
shaking tests on reinforced concrete buildings or building models have been
carried out than the pseudo-dynamic loading tests, while more than twenty
earthquake simulators have been installed in the last decade. It seems to the
author that the main reasons are;

1) A shaking test costs much time, care and money, and
2) A shaking model is usually very small due to a limitation of the

driving power that makes difficult to satisfy the law of similarity
between a prototype and the shaking model.

In other words, it may have been considered that a shaking test has lower
benefit-to-cost ratio than a pseudo-dynamic loading test and/or a computer ana
lysis. Indeed, a numerous number of cyclic or alternate loading tests on rein
forced concrete members and frames including the existing buildings have been
performed in Japan, which is called the pseudo-dynamic loading test in this
paper. Computer analyses using the analytical models derived from the pseudo
dynamic loading tests have been also done and it appears to the author that
the combination of the pseudo-dynamic loading test and the computer analysis
has been considered an optimum choice to simulate the earthquake response of
the reinforced concrete building constructions. However, one of the limitations
of this technique is due to the difficulty to derive a general hysteretic rule
to represent the real nonlinear characteristics from the test data obtained
under a specific loading path. Because a nonlinear characteristics of reinforced
concrete structure is very sensitive to the loading path. Another limitation
is that the effect of strain rate can not be considered in the pseudo-dynamic
loading test.

Consequently, to investigate the real behavior of the reinforced concrete
building constructions during earhtquake and to develop more realistic analy-
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tical model, more efficient use of the earthquake simulator should be consider
ed. Among the shaking tests on the reinforced concrete building models in Japan
[2,3,4,5,6,7,8], two successful examples done at the Tohoku University and at
the Technical Research Institute of the Obayashi-gumi Ltd. are referred here.

Shaking Test at The Tohoku University [2]

Professors T.Shiga, A.Shibata, J.Ogawa and their colleagues performed the
shaking test on the reinforced concrete frame models in the late 1960's. They
tested one-story one bay frame models on the vibration table driven by the un
balanced mass type of the vibration generator (Fig.4). The shaking table of
5.2 m x 4.2 m was supported on the flexible steel plates and was excited by the
generator fixed on the table. The size of the model structures were about 1/3
of the real frames and they were designed so as to fail in bending at the column
ends. The emphasis was laid upon investigating the hysteretic loop during the
vibration beyond the yielding stage. The stiffness degradation and the equiv
alent viscous damping ratio were estimated and the analytical models; Degrad
ing Stiffness Model (DS Model) shown in Fig.5 and Cubic Model, were developed.
The rule of the DS Model is;

1) The enveloping curve is assumed as elasto-plastic,
2) An equivalent stiffness at a certain deflection is defined as a secant

modulas on the elasto-plastic enveloping curve, and
3) An equivalent viscous damping ratio is used to consider the hysteretic

damping which is determined from the maximum experienced deflection.
The suggested equivalent viscous damping ratio to the critical damp
ing corresponding to the maximum experienced story displacement by
the story height (R) is; 1 % to R=0.5/l000, 3% to R=2/l000, 8% to
R=20/l000 and 13% to R=30/l000.

It should be noted that such useful data were obtained by the use of the
simple vibration table and the work would become the basis of the development of
the substitute structure method proposed by Professor A.Shibata in cooperation
with Professor M.A.Sozen at the University of Illinois, Urbana-Champaign in
1974 [9].

Fig.4 Shaking Test at
Tohoku University[2]

Fig.5 Degrading Stiffness Model[2]
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Shaking Tests at The Obayashi-gumi Ltd. [3,4]

A couple of the shaking tests on reinforced concrete building models were
carried out by Dr.T.Takeda and his colleagues. The first test series was a
shaking test by the impact loading and the second was a shaking test on the
earthquake simulator.

Impact Loading Test -- The reinforced concrete three dimensional building
models with four columns were tested on the impact loading table. The impact
loading table was hung from the steel frame and the impact load was given by
the pendulum weight (Fig.6). The maximum weight of the pendulum was thirty
tons and the intensity of the impact loading was controlled by the weight and
the number of the shock absorbers made of steel and synthetic rubber.
An example of the building models is shown in Fig.7. The intensity of the shock
was increased progressively until the response displacement became three times
of the yield displacement. The maximum response acceleration was 1.5 times of

r'-''''''''~=;m!!l'---,__,'' _. 2 ,

~.~. ·~:-;w.r;,;r;~·1

Dm.-..~~[»]
L- 35,245 I
1. PENDULUM 2. SHOCK ABSORBER 3. TABLE 4. WINCH [501.1')

:1
L-17FfJ:!=f==f=='Rf~

(~'=±=b~~
L300J ..

8em
L..l 

100-200

Fig.6 Impact Loading System[3] Fig.7 A Example of Frames Tested
on Impact Loading Table[3]

ATTACHED WEIGHT.--:-

II
"

1I1II11

I [UII

Fig.8 Tested Frame on Earthquake Simulator[4]
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the gravity. One of the building models was tested until the collapse stage
of which response displacement was more than nine times of the yield displace
ment. The measured response was compared with the results of the computer
simulation. A bi-linear model, Tri-linear model and the Takeda model were used
for the computer simulation. They pointed out that the feasibility of the com
puter simulation using the Tri-linear model and the Takeda model was approved
while the further investigation on the viscous damping ratio was necessary.
In their simulation, 5% and 2% to the critical damping were used for the Tri
linear and the Takeda model, respectively.

Shaking Test on Earthquake Simulator -- A three-story one bay reinforced
concrete frame model was tested on the earthquake simulator(Fig.8). The earth
quake motion simulating the NS component of E1 Centro'40 was used. The intensity
of the table acceleration was increased progressively from 40 gals to 1000 gals.
The yielding of the column at the first story was observed at the table accel
eration of 600 gals. The response displacement to the 1000 gals table accel
eration was 2.8 times of the yield displacement at the first story, 1.56 times
and 1.48 times at the second and the third story, respectively. The test
results were compared with the shear model analysis and the pseudo-dynamic
loading test performed on another frame model. A fairly good agreement between
the shaking test and the shear model analysis was obtained, however, they pointed
out that the shear model analysis was very sensitive to the assumption of the
viscous damping ratio and the further investigation was necessary to develop
more feasible analytical model.

Future Use of The Earthquake Simulator

Although the useful data were obtained by the shaking tests, the tests
were 1imitted on the simulation of the small models to the uni-directional
ground motion. In order to design and more rational earthquake-resistant rein
forced concrete building constructions, the followings are pointed out on the
future use of the earthquake simulators;

1) Shaking test on full size buildings should be carried out. A number
of the tests does not need to be large. Three dimensional large size
earthquake simulator is desirable, but, one dimensional large size
may be sufficient.

2) The shaking tests on small size building models having various para
meters are also necessary. Three dimensional small size simulators are
necessary.

3) Pseudo-dynamic loading tests should be associated with them.
4) The comparative study should be done on the data obtained from the

shaking tests on full size and small size building models and the
pseudo-dynamic loading tests. Emphasis should be on the development
of the feasible analytical models.

SHAKING TESTS BY VIBRATION GENERATORS

A forced vibration test by the vibration generator has been recognized as
one of the most acceptable techniques to investigate the dynamic properties
such as natural period, mode shape of the vibration, damping coefficient etc .•
Especially for high rise buildings, it has been often used to assess the fea
sibility of the analytical model used in the original design. However, the



disadvantage ot this method is usually due to the difficulty to control the am
plitude ot the building response, which causes a difterent vibration from the
earthquake response and requires the modification of the data to simulate the
earthquake response. As far as the building remains within the elastic range,
the modification is possible [1], however, it is usually difficult it the re
sponse exceeds the elastic limit. Therefore, in order to investigate the over
all behavior of the building during earthquake, other appropriate method should
be associated together. Development of the generator having the acceleration
control system is also desirable.

From this point of view mentioned above, several forced vibration tests on
reinforced concrete existing buildings and the real size building models were
carried out associated with the pseudo-dynamic loading test up to the collapse
stage in Japan. For an example, the test on the five-story full size apartment
house ot reintorced concrete walled trames was carried out at the Building Re
search Institue in 1970 [10]. The testing method were pseudo-dynamic lateral
loading test and the forced vibration test by the vibration generator (Fig.9).
A lateral force was applied at each floor level and alternated with a progres
sively increased amplitude of the displacement. After a completion of an alter
nate loading, a forced vibration test was carried out by the unbalanced mass
type of the vibration generator. The change of the natural periods, damping co
efficients and the mode of vibration due to the increase of the damage by the
pseudo-dynamic loading test were measured and considered in making the analyt
ical model to simulate the earthquake response ot the building.

A demolishment ot the existing building is a good chance to test the
tull size buildings. Several tests were performed by Professors H.Umemura,
H.Aoyama and their colleagues [11,12]. One of them was the test on the rein
forced concrete three-story school building suffered from a severe damage due
to the 1968 Tokachi-oki earthquake. Since the damage was concentrated at the
first story, a part of the upper two stories was chosen for the test (Fig.IO).
The damage at the first story was repaired and strengthened so that it had
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Fig.9(a) Plan of Five-story Apartment House [10]
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enough strength and stiffness. The pseudo-dynamic loading test and the forced
vibration test were carried out on two frames and a block of the building.
The ultimate strength, the deterioration of the strength and stiffness in the
plastic range, the modes of vibration and the shape of the hysteretic loop were
examined and the overall consideration on the cause of the damage of the build
ing was made.

-e- Dial gauge
-&- AutomaUc dial gauge
..0- Cllnometor
e Strain gauge on

Concrete

§ Strain gauge on
COncrete and
rein torce men t

~ 0 Rosette gauge

~ Scale

CD

soo
~ '>""'00""0 -'

(!j)

Fig.9(b) Section of Five-story Apartment House [10]

\'--------" I,r-- I

--Ji'Jo----!<,&--~c_-~~

I !XlO

(a) An Example of Test Frames (b) A Test Block of the Building

Fig.lO An Example of Test Frames and Test Building [11]



SIMULATION BY CO~UTER-ACTUATOR ON-LINE SYSTEM

The computer-actuator on-line system is a newly developed technique to
simulate the earthquake response of structures. A principle of the simulation
by the computer-actuator on-line system is to solve the nonlinear differen
tial equation expressing the earthquake response of the structural system to
the earthquake ground motion by the computer taking into account the real
restoring force characteristics obtained by the pseudo-dynamic loading test
performed in parallel with the computer analysis. Therefore, it is a kind of
the hybrid system of the computer analysis and the pseudo-dynamic loading test.
As far as the author knows, the first trial to simulate earthquake response by
a computer-actuator on-line system was made by Dr.M.Hakuno in 1969 at the
Earthquake Research Institute, University of Tokyo [13]. He made the system
consisting of an electro-magnetic actuator and an analogue computer and simu
lated the earthquake response of a single degree of freedom system supported
on a small centilevered steel beam. In 1970, another trial to make the on-line
system consisting of the electro-hydraulic actuator system and a digital com
puter started at the Institute of Industrial Science, University of Tokyo[14].
The system was completed in 1973 [15] and applied to the simulation of earth
quake response of single story reinforced concrete frame models [16]. The
system has been recently extended to be able to simulate the response of multi
degree of freedom system and the simulation of the response of the reinforced
concrete single story frame models to bi-directional components of the earth
quake ground motion was carried out [17].

Since the system has been developed recently, only a few tests were per
formed. However, it would be one of the most useful techniques to simulate the
earthquake response of the reinforced concrete building constructions. The
advantages of the on-line system are summarized as follows;

1) Earthquake response simulation can be performed taking into account
the real nonlinear restoring force characteristics of structures or
structural elements without assuming the analytical model.
This advantage may help not only to realize the simulation of the earth
quake response of the structure of which nonlinear restoring force char
acteristics is quite uncertain but also to assess the feasibility of
the simplified analytical models derived from the pseudo-dynamic load
ing tests and to improve them so that they can represent more realistic
behavior of the structures.

2) Pseudo-dynamic loading test following the realistic loading path on
large size structure can be performed by the electro-hydraulic actuator
having a comparatively small capacity. Because, the test specimen is
not always required to be a whole structure but a part of the structure
or the structural elements. This may solve the problem on the loading
path in the pseudo-dynamic loading test and the problem on the law of
similarity between the model structure and the prototype structure
which is usually rather difficult to satisfy in the shaking test on
the earthquake simulator.

3) The observation of the failure mechanism of the structure and the col
lection of the data can be easily done by the modification of the time
axis. Because the test does not need to be performed on real time but
can be performed on an enlarged non-real time controlled by the com
puter, i.e., the response simulation can be paused at any moment and
as long as necessary unless the effect of creep becomes significant.
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4) Gravity load can be easily applied to the model structure by actuator
previous to the on-line test to consider the stress due to the gravity
load such as axial stress in column, bending stress in beam, etc.,
while a difficulty is sometimes due to a heavy weight attached to the
model structure for shaking test on the earthquake simulator.

Since the computer-actuator on-line system a kind of the hybrid system,
it is innevitable that the system has some of the disadvantages both in the
pseudo-dynamic loading test and the computer analysis. As mentioned before,
the disadvantage of the pseudo-dynamic loading test is due to the difficulty
to consider the effect of the loading path and the strain rate. The on-line
system can improve the former but the latter. The choice of an adequate nu
merical integration method as well as an acurate measuring system should be
carefully done to ensure the accuracy of the simulation.

Application of the Computer-Actuator On-line System

The earthquake response of single story reinforced concrete frame models
has been simulated by the on-line system by the author and his colleagues since
1973 [16,17,18,19]. Two test series on the earthquake response simulation;
one was to uni-directional component of earthquake ground motion and another
was to bi-directional components, were performed.

Frames, Test Specimens and Loading System -- The column yielding type of
the reinforced concrete single story frame models haVing strong and stiff beam
were analyzed (Fig.ll). The test specimens were made so as to represent the
column of the frame model (Fig.12). An example of the test setup is shown in
Fig.13. Another actuator located in perpendicular to the actuator #2 was also
used for the simulation to the bi-directional components of the ground motion.
Axial load was applied at the beginning of the test and kept constant during
the test. Each component of the response displacement was enforced by the actu
ator controlled by the computer system. Both ends of the column were fixed to
bending and shear, but, an end could slide to the vertical direction.

Flow Diagram of the On-line System -- The flow diagram of the on-line
system is shown in Fig.14. The computer system-I and the on-line system were
used for the on-line simulation. Each component of the response displacement
of the frame to the ground motion at a certain step was calculated and trans
formed to that of the specimen in the computer system. Each component of the
displacement was applied to the specimen through the D-A convertor and each
component of the restoring force was measured in the loading system. The
measured force was returned to the main system through the A-D convertor and
transformed to the restoring force of the frame. This procedure was repeated
until the record of the ground motion was terminated.

Variables and Numerical Analysis -- The variables were the initial period,
the lateral strength, the axial stress due to the gravity load and the number
of the horizontal components and the intensity of the earthquake ground motion.
For numerical integration, the central difference method; Lumped-impulse method
[21], was used. However, since the method was not self-strating, the linear
acceleration method was used until the response displacement reached at a cer
tain limited value within linear range. The acceleration record of the Hachi
nohe 1968; NS component and/or EW component, were used for the ground motion.
The duration time was 12 seconds with zero data at the last two seconds.
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Results -- The examples of the ,esults a,e shown in Figs.15.l6,17 and 18.
The ,esults of the compute, simulation by the fib,e model analysis; the comput
er programs OS-ID and OS-2D, a,e also shown the'e. The st,ess-strain relation
ships for concrete and steel are shown in Fig.19 [19,22], and the flow diagram
of the computer simulation is shown in Fig.14.

The concluding remarks were;
1) The developed on-line simulation system appeared to be useful for the

nonlinear earthquake response simulation on the reinforced concrete
bUilding const,uctions,

2) Response to bi-directional ground motion could be simulated by the
on-line system,

3) A good correlation was obtained between the results by the on-line
simulation system and by the developed fibre model analysis, and

4) The degrading tri-linear model and the origin-oriented model would be
the lower and the upper models, ,espectively, to simulate the response
displacement of reinforced concrete buildings.

CONCLUDING REMARKS

The expe,imental ea,thquake response simulations on reinforced concrete
building const,uctions in Japan have been reviewed. The concluding remarks are;

1) In order to investigate the real behavior of the reinforced concrete
building const,uctions during ea,thquake and to develop more rational earth
quake resistant design method, mo,e efficient use of the earthquake response
simulators should be considered,

2) The feasible experimental facilities are a) Earthquake Simulato"
b) Vibration Gene,ato, and c) Computer-Actuator On-line System,

3) The shaking tests on full size specific reinforced concrete buildings
should be done. The systematic investigations on the small size building models
are also necessary. The emphasis should be on the investigation of the law of
simila,ity and the development of the realistic analytical models,

4) Development of the vibration generator controlled by the acceleration
is desirable to realize the earthquake response test of existing buildings, and

5) The computer-actuator on-line system is one of the most feasible method.
Since it is a hybrid system of the computer system and the pseudo-dynamic load
ing system, it is desirable to assemble the existing computer systems and the
pseudo-dynamic loading systems, while the development of the soft-ware is
necessary.
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INTRODUCTION

The ultimate objective of research in Earth~uake-ResistantReinforced
Concrete Building Construction (ERCBC) should be to develop methods of design
and construction to produce seismic-resistant buildings which are both func
tional and economical. Achievement of this goal entails considerable analy
tical and experimental studies, research which must be fully integrated.
Ideally, the end result should be a capability to design buildings to behave
satisfactorily under various specified earthquake input (design earthquakes),
and to predict analytically their seismic performance. Development of this
analytical capability re~uires experimental study on the behavior of build
ings when subjected to seismic loads so that appropriate mathematical models
may be formulated. This task is more complicated than it appears since pre
diction of a building's response to earth~uakes necessitates study of not
only the building's structural system, but of the entire soil-building system
as well. This problem is discussed in greater detail in reference 1.

Moreover, because seismic excitations usually induce large nonlinear
deformations, it is not possible to isolate the effects of these excitations
from those induced by either normal excitations or cumulative damage. Cumu
lative damage can be due to previous moderate seismic excitations or any
other conse~uential or independent, abnormal events likely to occur during
the service life of a building.

The most effective experiment for this purpose would be one in which
actual buildings, whose current states of stress and deformation are known,
were subjected to actual earthquakes, and where the nonlinear response of the
bUildings could be measured, and the mechanisms associated with the observed
behavior could be identified. Unfortunately, this approach is unfeasible for
effecting immediate improvement in ERCBC, not only because of the difficulties
involved in predicting the current state of buildings, but, mainly, because
of the high cost of providing adequate instrumentation in a building and the
low probability that the instrumented structure will be subjected to a severe
earthquake within a reasonable period gf time. The 'elastic' vibration pro
perties of selected buildings can be determined effectively by field experi
ments. However, to study the strength and nonlinear damage mechanisms of
structures, which are the most important ~spects of structural response for
design of buildings against severe earth~uake ground motions, it is necessary
to resort to laboratory experiments with model structures.

Objectives and Scope

The purpose of this report is to describe laboratory procedures for



studying the response of buildings under seismic excitations, with emphasis
on the response of structures and structural components, using earthquake
simulators and large-scale loading facilities. After a brief discussion of
the different experimental techniques that are used in ERCBC research, the
report briefly describes these two types of facilities. Some examples of
tests using the two facilities are offered. The advantages and disadvantages
of each system are discussed, followed by suggestions for future development
and experimental research.

All of the above items are reviewed, discussed, and evaluated in terms of
their implications for seismic-resistant design and construction. The experi
mental data can be used in several different ways to work toward this objec
tive: (1) in investigating new concepts and new structural layouts, (2) in
verifying or improving mathematical modeling concepts for use in computer
analyses, and (3) in improving design details to increase the toughness of
the structure in response to seismic excitations.

EARTHQUAKE SIMULATORS

Although no innovative experimental techniques have been developed within
the last six years, there have been major advances during this time in the
area of seismic-resistant design of buildings in the U.S. The occurrence of
the San Fernando earthqUake of February 1971 was the primary reason for the
numerous studies in this area which followed. Investigations of this event
have not only produced valuable data but have led to post-earthquake labora
tory stUdies, all of which have resulted in considerable improvement in
seismic-resistant design and construction.

At the ASCE-EMD Specialty Conference on Dynamic Response of Structures,
several authors [2,3] summarized the present status of experimental research
on earthquake-resistant structures. Experimental techniques for tests of
actual buildings in the field have been discussed by Hudson [2] and Bertero
[1] and are also discussed in the reports presented in this ERCBC workshop
by Shepherd and Jennings [4] and Freeman, Honda, and Blume [5]. Several
experimental laboratory facilities and techniques for pseudo-static and dyna
mic testing of building structures are discussed by Bertero [1] and Clough
and Bertero [3]. The different experimental techniques that are used in Japan

. have been reviewed by Okada [6], and the problem of earthquake simulation in
the laboratory has been discussed by Sozen [7].

In this paper a review of the use of earthquake simulators and large
scale loading facilities is presented.

Existing Earthquake SimUlator Facilities

There are presently several laboratory or institutions using small- to
medium-scale earthquake simulators. A brief description of the largest simu
lators presently in use and those that have been designed in the U.S. and
Japan follows.

Largest U.S. simulator--The largest simulator being used in this country
is located at the Earthquake Simulator Laboratory of the University of Cali
fornia, Berkeley. The facility consists of a 20-ft-square (6.1-m-square)
reinforced concrete slab whose weight is 100 kips (444.8 kN) and which is
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driven by servo-controlled hydraulic actuators to produce displacements in
the vertical direction and in one horizontal direction [8,9]. Test struc
tures which are fastened to the slab can be subjected to any desired base
motion in these two components; thus, ground motions which were recorded dur
ing past earthquakes can be applied to the test structures, and their seismic
response can be measured directly. The capacity of the simulator is +5 in.
(+12.7 em) displacement and .75 gravity acceleration, horizontally, a~d
:!J in. (.:!:.5.1 em) displacement and 0.5 gravity, vertically, with a full pay
load of 100 kips (444.8 kN). Hydraulic oil at an operating pressure of 3,000
psi (20.7 MFa) is supplied to each of the actuators from four 30 gpm (0.114
m3pm) pumps with on-line accumulators available to supply momentary peak
flows. The flow rate of the servo-valves, 200 gpm (0.76 m3pm) horizontal and
90 gpm (0.342 m3pm) vertical, limits the maximum velocities in the horizontal
and vertical directions to 25 in./sec. (63.5 em/sec.) and 15 in./sec. (38.1
em/sec.), respectively. Under harmonic action, the table capacity might thus
be governed by either displacement, velocity, or acceleration, depending on
the frequency of excitation (as indicated in Fig. 1) for the unloaded table.

DISPLACEMENT AMPUTUDE liN)
10

Fig. 1 Capacity of Unloaded
Shaking Table as a Func
tion of Frequency (1 in.=
2.54 em)

The simulator is computer-controlled to
follow a prescribed earthquake history, and
the same computer also controls the data
acquisition system. The latter has a capacity
of 128 channels, each of which is normally
sampled at a rate of· 50 readings per second,
with the values recorded in digital form on
a magnetic disk. After a test has been com
pleted, the data is transferred to magnetic
tape for further processing, plotting, and
permanent storage. The earthquake simulator
was first put into operation in 1973, and has
been used to test a wide range of structural
types [3]. A brief discussion of the experi
ments that have been, are, and will be con
ducted on reinforced concrete structural sys
tems follows. The main objective of this
discussion is to point out the advantages and
limitations of this facility with regards to
research in the area of ERCEC.

Reinforced concrete frame program [lO,ll]--One of the earliest structures
tested on the earthquake simulator was the two-story reinforced concrete frame
shown in Fig. 2. This was the first in a series of four similar frames that
have been tested to date in a continuous program of reinforced concrete re
search at the Earthquake Simulator Laboratory.

The frames, all of similar general geometry, were not intended to be
exactly scaled models of any particular type of structure but could be repre
sentative of a portion of a small office building, and were designed and con
structed according to standard seismic codes. The frame was built to about
0.7 scale for reasons of convenience and economy. This scale is large enough
to permit use of normal deformed reinforcing bars and construction procedures,
and was treated as a small, full-scale structure in interpreting its observed
performance. Twenty to thirty-six kips (88.9 to 160.1 kN) of concrete blocks
(Figs. 2 and 3) have been loaded on the floors to give the test structures a
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typical period of vibration and also to induce significant seismic forces during
the tests. Lateral bracing was provided to constrain the building against any
lateral or torsional motions.

Fig. 2 Two-Story Ric Frame on Shaking Table

The basic instrumentation
required to interpret the over
all response was similar
throughout the testing program.
Accelerometers, displacement
measuring potentiometers, and
DCDT's (Direct Current Dif
ferenti~ Transformers)-were
located at-each story level and
on the shaking table to measure
lateral and torsional motions.
Strain gages have been located
on column and beam reinforcing
bars at points of maximum ex
pected strains along with ex
ternally mounted displacement
gages to measure relative ro
tations (curvature). Force
transducers, calibrated to
indicate moment and shear for~

ces, with stiffness properties

81/2"
5 3/4"-

6'-71/8"

6'-71/8"

6"

~"U --~,L--'-,,~
I.-.-r-J-'~~~,

10"--
1'-4"_-
2'-5" _

FRONT ELEVATION

J~

1<Jtr4

'

8" T1 0 0,

, Il==9 10"

o o~

FORCE
TRANSDUCER

FLANGE THICKNESS: 3/16"
WEB THICKNESS' I/S"

1'-01/2"

~-~~.
SIDE ELEVATION

Fig. 3 Test Structure and Test Arrangement on Shaking Table

(1 in. = 2.54 em; I ft = 0.3048 m; I kip = 4.448 kN)



1656

similar to the columns, were built into the columns at midheight near the
expected curvature inflection points (Figs. 2 and 3). In each test, approxi
mately 100 channels of data were interpreted and recorded.

Each particular test frame was designed with certain variations in indi
vidual member sizes so as to vary the effect of different structural mecha
nisms on the overall structural response. Thus each individual structure had
special instrumentation, in addition to that mentioned above, to measure those
response quantities of particular interest in the structure.

20168 12
TIME, SEC

----ACTUAL SIGNAL

4

- COMMAND

I

1\ ~f " .A
"V V V \A~'v V

I

o

-2

Fig. 4 1952 Taft N-69°-W Component:
Comparison of Command and Actual
Table Signal (1 in. = 2.54 cm)

HORIZONTAL TABLE OIsPLACEMENT, IN
2

Throughout the test program the main earthquake input signal was derived
from the 1952 Taft N-69°-W component (Fig. 4) excluding vertical motion, al
though some structures were exposed to other excitations as will be noted
later. The excitations have been applied with increasing intensities on each

test structure to introduce initial
cracking, to test an initially
cracked structure in the elastic
range under low excitations, and to
induce strong motions forcing the
structure into the inelastic range.
After each earthquake test the flex
ibility, free vibration frequency,
and damping were determined by sud
denly releasing approximately 1,000
Ibs (4.448 kN), applied either at
first or second story levels. The
successive changes in these proper
ties, illustrated in Fig. 5, demon
strate the extent to which the

structure was damaged in each test run. The results depicted by this figure
also point out the diffiCUlty of assessing realistic values for the dynamic
properties of an actual structure when a severe earthquake occurs, since these
values would depend on the cumulative damage induced by previous events.

The test results have been used to evaluate the ability of available non
linear analysis procedures to predict response and to improve the mathematical
modeling of structural mechanisms used in such analyses. Structural displace
ments, particularly floor displacement time histories, were used as the basic
quantity in the above evaluations.

The first reinforced concrete frame tested at the Simulator Laboratory
exhibited a resistance function primarily affected by flexural plastic hing
ing at the column and beam ends [10]. Reinforcement detailing was responsible
for the poor anchorage of the slab reinforcement at its support along the
transverse girders. Early slippage of this reinforcement created a weak cri
tical section at the column interface which resulted in considerable flexural
cracking [maximum width = 0.5 in. (1.27 cm)] at the ends of the bottom story
girders. A global stiffness degrading mechanism based on first mode amplitude
was developed for modeling in combination with a bilinear yielding hinge
mechanism at member ends. Correlation between analytical and experimental
results (Fig. 6) is considered adequate althOUgh further improvements could,
undoubtedly, be made with refinements in the mathematical model.

The second concrete frame was nearly identical to the first, differing
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only in that the poor
anchorage of the slab
reinforcement pre
viously noted was not
apparent. Damages
induced in the frame
were similar to those
seen in the previous
frame. Analytical cor
relation with observed
results was obtained
using the same modeling
concepts developed for
the first frame with
results as indicated in
Fig. 7 [11J.

Ric Frame 1: Changes in Dynamic Character
istics of Structure During Testing
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After testing two
frames whose response
was dictated mainly by
the flexural hinging
of column members, a
third frame was rede
signed to result in
higher shear stresses
with a reduced shear
resistance vs. moment
capacity ratio by using
heavier longitudinal
flexural reinforcement
with increased yielding
strength. During test
ing, yielding of the
main reinforcement and
crushing and spalling

of concrete at the column ends (Fig. 8) again resulted in a hinging action,
causing a predominant first mode type of response. High cyclic straining in

RUN IDENTIF NI N2 N3 N4 WI W2 W3 W4 W5 W6 W7 W8 W9 WIO RI R2 R3
PEAK ACCEL .07 .I I .22 .24 .07 .10 .22 .30 "4 .30 .22.15 .46 .08 .41 .64

9 (b) DAMPING VARIATION DURING TEST SEQUENCE
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Fig. 6 Ric Frame 1: Correlation of
Computed and Measured Top Story
Displacement (1 in. = 2.54 em)

Fig. 7. Ric Frame 2: Correlation of
Computed and Measured Top Story
Displacement (1 in. = 2.54 em)
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Fig. 8 Column Hinging at Top
of First Story Column

MOMENT, IN-K
400

300

200
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R
-400 -40 ·20 0 20 40

ROTATION, RAD x 10"

Fig. 9 Ric Frame 3:
Actual Moment~Rotation

at Base of First Story
Column (1 in. =2.54 em;
1 kip = 4.448 kN; 1 rad
=57.3°)

the column, especially at beam-column and
column-footing joints, caused significant
bond deterioration and bond slippage, re
SUlting in significant pinching of the
hysteretic loops as exhibited in the
moment-rotation plots of Fig. 9, where a
seemingly zero sti~fness condition existed
at low load level. Mathematical models
have been developed which duplicate local
response, including pinching effects in
the moment-rotation relation of Clough's
Bilinear Stiffness Degrading Model. The
models exhibit good correlation in the
local moment-rotation behavior in the
earlier part of the signal as indicated
in Fig. 10. Correlations between overall
structural behavior and that predicted
have not yet been computed.

Special detailing for column and beam
longitudinal bars, decreasing of column
lengths and sizes, increasing of stirrup
spacing and addition of extra concrete
mass blocks resulted in fairly different
mechanical characteristics for the fourth
reinforced concrete frame structure. All
of the modifications were intended to fur
ther accentuate shear effects on the re
sponse by decreasing shear strength rela
tive to column flexural strength and by
increasing the total base shear. In this
case, the most striking visible failure
after testing was the occurrence of siz
able diagonal shear-induced cracks [maxi
mum width ~ 0.4 in. (1.0 em), Fig. 11]
with anchorage failure in the stirrups.
Hinging action was evident from rotational
data at the column bases where high steel
strains indicated definite bond loss.
With the expectation of increased shear
effects, special instrumentation, consist
ing of multiple diagonal displacement
measurements to determine shear deforma
tion, and new force transducers were
incorporated.

The increase in flexural strength of
the structure due to the modifications
mentioned resulted in a frame too strong
to fail under the maximum intensity Taft
earthquake that the facility could apply;
hence, a special signal composed of mul
tiple cyclic square acceleration pulses
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Fig 11 R/C Frame 4:
Column Failure
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with a frequency near the natural frequency of the structure (Fig. 12) was
developed to initially build up a resonant response with low amplitude input.
A pulse large enough in one direction was then applied to induce a significant
inelastic displacement excursion. The large pulse was designed to bring the
table to a peak 25-in./sec. (63.5-cm/sec.) velocity. The actual table accel
erations differed from the desired square wave due to the depletion of oil in
accumulators and limited pump capacity, but were sufficient to induce the
shear failure mentioned. The limited velocity [25 in./sec. (63.5 em/sec.)]
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and displacement [+5 in. (+12.7 em)] of this earth~uake simulator makes it
very difficult to bring the testing structure into a collapse state or even
to introduce severe damage.

Modeling is presently being attempted using the moment rotation degrading
models in the Drain-2D inelastic analysis program [12] coupled with a new ele
ment developed to match the shear force· - shear deformation behavior with the
pinching characteristics evident in Fig. 13.
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Fig. 13 R/C Frame 4: Column Shear
vs. Shear Displacement (1 in.
2.54 em; 1 kip = 4.448 kN)

Future research programs--

1. Effects of horizontal ground
motions inclined with respect to main
axes of the structure: Future testing
is being planned to include the skew
placement upon the simulator of a frame
similar to that of Fig. 3 but s~uare in
plan. This will permit the one hori
zontal motion of the simulator excita
tion to induce lateral deformations in
both of the frame's major axes, causing
biaxial bending in columns. A series of
specimens with different floor systems
will be investigated under this type of
diagonal excitation.

2. Effects of rotation (flexibility), uplift and/or sliding of the foun
dation on the seismic response of reinforced concrete buildings: At present
it is generally recognized that at sites close to active faults which can be the
source of large magnitude earth~uakes, the intensity of a seismic ground motion
can be considerably higher than that which has been considered in past seismic
codes. Dynamic analyses of buildings, based on linear-elastic theory using
recorded or artificially obtained severe ground motions, have shown that the
resulting base shear coefficient and, therefore, the equivalent static lateral
load that would be re~uired, are considerably higher than those recommended in
codes. The use of these higher design forces leads to larger overturning mo
ments, Which, as currently re~uired, should be resisted in their totality by
the structural system. This re~uirement may often necessitate a costly sup
plementary foundation anchorage system since the dead weight alone cannot bal
ance the re~uired overturning effects to be incorporated into the foundation
design. However, it should be recognized that these forces and overturning
moments are usually obtained assuming a fixed, rigid foundation, that is, one
that will not uplift and/or settle, and, in some cases, is also fixed against
rotation.

For certain types of structures, the construction cost of foundations that
will not rotate (rock) or uplift can be prohibitive. This is especially true
for certain cases of shear wall structures. According to the results obtained
in experimental and analytical studies of such structures [13], before the
walls can develop their capacity, the foundation will tilt and part of it will
uplift. Although some studies [14,15] have indicated that allowing the founda
tion to tip and uplift under dynamic lateral loading can have a desirable
effect on strength and ductility re~uirements, these studies should be con
sidered of an exploratory nature only. Comprehensive integrated experimental



and analytical studies in this area are necessary. Earthquake simulators can
be used with advantage in conducting such experimental studies. This has been
confirmed in part by the results obtained in two experimental studies carried
out on two different steel frames at the Simulator Laboratory.

Three-story steel frame program [16]--This test structure is pictured in
Fig. 14 and the uplift mechanism is shown in Fig. 15. The column bases were
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Fig. 15 Uplift Mechanism
Fig. 14 Three-Story Steel Model

on Shaking Table

pinned to stiffened steel footing blocks. These blocks were rotationally con
strained but allowed to move vertically on roller bearings riding on 1.5 in.
(3.8 cm) rounds. Longitudinal motion (horizontal translation) of the blocks
relative to the shaking table was constrained by the brackets shown in Fig. 15.
These brackets were bolted to steel beams prestressed to the shaking table.
Neopreme impact pads were provided beneath the footing blocks. The effects of
two pads with different amounts of stiffness were investigated.

The experimental results are briefly described in reference 16. A detailed
description of these results and their correlation with analytical predictions
are given in reference 17. The response of the uplifting frame was vastly dif
ferent from that of the constrained conventional frame. The results show that
the concept of allowing a structure to uplift during an earthquake is a poten
tial means of reducing strength and ductility requirements. Therefore, it was
decided to further investigate its use in a nine-story frame.

Nine-story steel frame program [18]--The primary objective of this combined
experimental and analytical program was to study the effect of allowing column
uplift in response to seismically induced overturning moments. The experimental
phase included tests under both uplifting and fixed base conditions, responding
to identical base excitations. The analytical phase included evaluation of
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current nonlinear numerical analysis techniques in predicting both the uplift
ing and fixed base responses. In order to accomplish this evaluation, experi
mental table motions were used as input to nonlinear dynamic analyses, with
the resulting analytical results compared directly to corresponding experimen~

tal results. Local element nonlinear behavior was modeled by concentrated bi
linear plastic hinges; the uplift phenomenon was modeled by the use of bilinear
elastic foundation springs with zero tensile capacity and stiffness in the
upward direction.

The test model mounted on the shaking table is shown in Fig. 16. As can
be seen, it is a three-bay, nine-story steel moment frame. Two of the bay
widths are 78 in. (198.1 cm), and the third is 60 in. (152.4 cm); the first
floor height is 48 in. (121.9 cm); and the remaining floors are 36 in. (91.4
cm). A dead weight of 10 kips (44.5 kN) was added to each floor, making the
total weight of the model 102 kips (453.7 kN). All columns are W4x13, and all
girders are W6x8.5; A36 steel was used throughout.

The table motion and response spectra for an uplift test signal based on
the 1940 El Centro N-S record are shown in Fig. 17. The original record was
time-scaled by a factor of 1.732 to account for the scale of the model, and
amplified to produce a peak accel-
eration of about 0.5g. For the
fixed base test the excitation was TABLEACC G

shifted about 1 sec. to the left _I."O~5~·',"
on the time axis but was essen-
tially identical in form.

-1.°0 2 4 6 8 10
TIME, SEC

f~k~f~
-20 2 4 6 8 10

TIME, SEC

1.73_EC SPAN 300 UPLIFT TEST
PSEUDO VELOCITY, FT/SEC

2[7'::7-':f~&%/Df,PflX~B~w

4 5

Fig. 16 Nine-Story Steel Frame
on Shaking Table

Fig. 17 Table Motion for
El Centro Span 300 Test
(1 in. = 2.54 cm; 1 ft =
0.3048 m)



Selected relative floor displacements are shown in Fig. 18. As indicated,
experimental response is shown by the dashed line and analytical response by
the solid line; the agreement between the two is quite good. The amplitudes of
relative displacement are also seen to be similar for the two base conditions.
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Fig. 18 Comparison of Third
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Displacement (1 in.
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Fig. 19 Nine-Story Steel Frame 
Comparison of Third Story
Shears (1 in.=2.54 em;
1 kip = 4.448 kN)

Selected story shears and base over
turning moments are shown in Figs. 19 and
20. As can be seen, column uplift has a
'fuse' effect on structural response. The
overturning moment was about twice as great
for the fixed base test as compared to the
uplift test. The maximum exterior column
uplift which occurred was about 1 in.
(2.5 em). Column uplift is thus seen to
have a significant beneficial effect. The
cost of supplying anchorage for the columns
is eliminated; the loads and subsequent
ductility demand on the structure are re
duced for a major seismic loading. Current
analytical techniques are adequate to pre
dict the resulting nonlinear response.

I. Sf FLOOR

W'·~E~500 ~

o
-500

.100°0 2 4 6 8 10
TIME, SEC

1.73 wEe SPAN 300 UPLIFT TEST

UPLIFT TEST - I ST FLOOR OVERTURNING MOMENT
1ST FJ...Offi

W'~RTIAArAWAA~
-soo \[V ~ \ \Tv VV V

-1000 V
-15000 - 2 4 6 8 10

TIME, SEC
1.73 -EC SPAN 300 FlXED BASE TEST

FIXED BASE TEST - I ST FLOOR OVERTURNING MOMENT

Fig. 20 Nine-Story Steel Frame 
Comparison of First Floor Over
turning Moments (1 in. = 2.54 cm;
1 ft = 0.3048 m; 1 kip = 4.448 kN)

Concluding remarks--The experimental results show that the allowing of a
model structure to uplift from its foundation during earthquake response is a
potential means of significantly reducing the strength and ductility require
ments, thus enabling more economic design and construction of structures.
Results from preliminary analytical studies confirm the experimental findings.

The applicability of these research results in seismic-resistant design
and construction of actual buildings can be assessed from two different points
of view. In one view, the experiments conducted are intended to simulate a
prototype situation in which the steel superstructure frame is supported by a
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rigid concrete foundation mat or basement structure. Although the use of
uplifting column base devices is a significant departure from current prac
tice, the simplicity of these mechanisms will enable them to be reliably
reproduced in the field. Therefore, in this case the device can be inter
preted as being an exact replica, on a small scale, of a practical isolation
or input controlling mechanism [1]. Before adopting this partial isolation
technique in practice, however, it will be necessary to conduct comprehensive
studies on the behavior of the uplift devices under all kinds of ground mo
tions, particularly those with severe pulse-like excitations.

Alternatively, these tests can be considered to represent a simplified
idealization of an extreme case of uplift in situations where standard types
of individual column footings are embedded in the soil. The promising results
obtained here demonstrate the feasibility of permitting footing uplift to take
place, but additional studies will be needed to examine the behavior under
more realistic foundation conditions.

In performing model studies on standard footing systems, new techniques
will have to be developed for simulating three-dimensional soil-foundation
interaction problems, since the capacity of available earthquake simulators
is not adequate to permit testing of a large volume of soil. The importance
of this problem points out the need for a large earthquake simulator where
actual soil-structure systems can be properly simulated and tested.

Feasibility study of 100 ft x 100 ft (30.5 m x 30.5 m) earthquake simu
lator [19,20]--In 1966 Penzien, et al. [19] began studying the feasibility of
designing and constructing a large-scale earthquake simulator facility capable
of subjecting large-scale structures to strong seismic motions. During the
course of this study the following basic criteria were arbitrarily established,
and these are indicated in Table 1.

Note that the selected test structure weight of 4,000 kips (17 792 kN)
corresponds roughly to that of a full-scale, three-story reinforced concrete
building, 100 ft x 100 ft (30.5 m x 30.5 m) in plan. From the studies carried
out it became evident quite early that the technical feasilibity of a large
shaking table system would depend primarily upon the development of an adequate
electrohydraulic servo-controlled system. Preliminary studies conducted by
Penzien and the MTS Systems Corporation [19] showed that a servo-controlled
system could indeed be designed which would provide adequate control for the
table. The construction and performance of the present·20 ft x 20 ft (6.1 m
x 6.1 m) facility at Berkeley has proven the technical feasibility of building
a much larger table which could provide three components of simultaneously
simulated earthquake motions [20].

Critical observations regarding above design--The authors believe that
experimental research needs in ERCBC and in other areas of earthquake engineer
ing justify the final design and construction of a large earthquake simulator
facility. However, the experience gained through the use of the 20 ft x 20 ft
(6.1 m x 6.1 m) facility at Berkeley, as well as through other medium- and
large-scale facilities available elsewhere, and analysis of results obtained
in analytical investigations of earthquake damage indicates that some of the
basic design criteria established above must be modified. Particularly, it
will be necessary to increase the velocity and displacement requirements. The
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main reason for building such a facility is to obtain data on the nonlinear
behavior and collapse mechanisms of different soil-building systems. Accord
ing to results of recent investigations [21] and those of the test of rein
forced concrete frames conducted in the earthquake simulator at Berkeley, to
induce significant structural damage and impending collapse to models of real
structures it is necessary to have ground motions with peak velocities and
displacements considerably higher than the limits selected above for the
horizontal direction, i.e., 25 in./sec. (63.5 em/sec.) and ~6 in. (~15.2 em).

Largest Japanese simulator--Of the several medium-scale earthquake simu
lator facilities in use in Japan, the largest has been in operation since
1970 and is located in the laboratory of the National Research Center for
Disaster Prevention at TSukuba [22,23]. The table is 49.2 ft x 49.2 ft (15 m
x 15 m) and can support test structures weighing up to 1,100 kips (4 893 kN)
for horizontal motions and 441 kips (1 962 kN) for vertical vibrations.

Earthquake simulators under construction or
design in Japan [24,25,26]--A two-dimensional
shaking table, 19.7 ft x 19.7 ft (6 m x 6 m) in
plan, has been designed and is being constructed
at the National Research Center for Disaster
Prevention. The table is designed to have a max
imum test weight of 120 kips (534 kN) with a
capability of simultaneously simulating components
of ground motion vibrations up to maximum dis
placements of +3.9 in. (+10 cm), in the hori
zontal directi;n, and +1.9 in. (+5 cm), in the
vertical direction, ~d delivering maximum
accelerations of up to 1.2g and 0.8g, respectively.

3.0

10

Fig. 21 Acceleration
Capacity of Existing
Shaking Table at
Tsukuba, Japan

The table is driven by eight actuators (vibrators). Four of them are
used to produce horizontal displacements in one direction and the other four
for producing vertical displacements. These two groups of·actuators are con
trolled by an electrohydraulic servo-controlled system. The testing structure
can be subjected to only base motions in one of the above two directions. The
maximum force that can be applied is 793 kips (3 527 kN) in either horizontal
or vertical direction, the maximum velocity is 14.6 in./sec. (37 cm/sec.), and
the maximum displacement is 1.1 in. (3 cm). As postulated by Watabe [23],
this limited stroke of 1.1 in. (3 cm) is the most serious drawback of this
facility. Due to the stroke and velocity limitations, the maximum possible
accelerations are those indicated in the graph of Fig. 21. As can be seen

for a test structure of 11,020 kips (49 017 kN),
the maximum acceleration that can be delivered
is about 0.55g. Because of the limited stroke,
this shaking table cannot be used effectively to
test structures to collapse.

Feasibility studies on very large earthquake simulators were conducted in
Japan in 1973 [25]. The two types indicated in Table 1 were concluded to be
feasible. The design of one large facility for testing structures for nuclear
power plants is presently underway at the Center for Nuclear Safety Engineering
Research is and expected to be fully operational by 1980. The facility will
be built at the Engineering Test Center in Tadotsu Town. Initial construction



costs were estimated at 80 million U.S. dollars, although latest estimates
are closer to 200 million.

The main objective in constructing such a huge facility is to conduct
experiments on large-scale models of large equipment and components for nuclear
power plants to determine their safety against earthquakes. As summarized in
Table 1, this shaking table will have dimensions of 49.2 ft x 49.2 ft (15 m X
15 m), with a maximum test weight of 2,205 kips (9 810 kN) ,and maximum strokes
of +7.9 in. (+20 cm ) and +3.9 in. (+10 cm ) in the horizontal and vertical
dir;ctions, r;spectively. -This tabl; will be capable of simUltaneously repro
ducing components of ground motions in both vertical and one horizontal direc
tion up to an acceleration of 1.8g, horizontally, and 0.9g, vertically, and with
velocity limits of 29.5 in./sec. (75 cm/sec.) and 14.8 in./sec. (37.5 cm/sec.)
in the horizontal and vertical directions, respectively.

It is believed that the construction and functioning of this or a similar
facility will permit investigations to be conducted on the behavior of whole
soil-building systems so as to study the behavior of soil-foundation and soil
structure interaction, which is one of the areas where reliable data are needed
to improve seismic-resistant design and construction of buildings.

ADVANTAGES AND DISADVANTAGES OF EARTHQUAKE SIMULATOR FACILITIES FOR ERCBC

The obvious advantage of using earthquake simulators is that test struc
ture models can be subjected to 'true' earthquake types of ground excitations
so that the actual distribution of forces can be measured and the nonlinear
behavior and damage mechanisms of the model can be observed. To discuss the
limitations of earthquake simulators it is convenient to classify these
experimental facilities by their scale.

Small- and Medium-Scale Facilities

The principal limitation of all existing small- and medium-scale faci
lities is that only relatively small-scale models of building components can
be tested. The dynamic testing of models in the nonlinear range in compliance
with the requirements imposed by the laws of dimensional similarity is diffi
cult and costly. Sozen, in a paper presented to this workshop [7], has dis
cussed in detail the advantages and disadvantages of existing medium- and
small-scale facilities. Although the 20 ft x 20 ft (6.1 m x 6.1 m) shaking
table at Berkeley permits testing of basic components of engineered and non
engineered buildings of one or, at the most, two-story buildings in full
scale, the limited velocity and displacement capacity of the table do not, in
most of the cases, permit severe damage to be induced in the structure.
Furthermore, none of the existing medium-scale facilities can be used to carry
out studies of the behavior of actual soil-building systems.

Large-Scale Facilities

There is no doubt that a facility such as the one being designed by the
Center for Nuclear Safety Engineering Research in Japan would be superior to
any of the small- or medium-scale simulators presently available. However,
it would be highly desirable to develop a facility which would permit testing
of structures weighing up to 4,408 kips (19 620 kN) and capable of developing
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velocity in the horizontal direction of up to about 59.1 in./sec. (150
cm/sec.). A simulator of this type would facilitate investigations on soil
structure interaction since it will permit large numbers of soil layers to be
built up on the shaking table. For example, such a facility could accommodate
soil layers 40 ft x 40 ft (12.2 m x 12.2 m) in plan, having a total depth of
15 ft (4.58 m), weighing about 2,900 kips (12 899 kN), and yet still maintain
an available 1,500 kips (6 672 kN) for the building model. Tests could there
fore be performed on full-scale models of single bay structures up to 10
stories taIlor one half-scale models of two-bay structural prototypes.

If one or more of these large earthquake simulators becomes available in
the near future, its use will still be restricted to proof-type testing and
to the study of specific problems such as soil-structure interaction under
actual seismic excitations for which no other facilities are available. For
most structural types, parametric studies of their mechanical behavior may be
more efficiently carried out using large~scale loading facilities, since the
use of earthquake simulators is not only very expensive for such studies, but,
as in the case of dynamic testing, has the basic disadvantage that the input
motion and/or the recording instruments have a high probability of malfunc
tioning due to their complexity. These limitations, coupled with the diffi
culty of observing the sequence of damage during any test due to its short
duration, indicate that it would also be convenient to have other facilities
available in which the dynamic excitations are replaced by equiValent pseudo
static excitations.

LARGE-SCALE CONTROLLED LOADING TEST FACILITIES

Detailed parametric studies of the seismic behavior of selected struc
tural elements or complete units of components of buildings can be performed
more effectively and at less cost through the use of controlled loading sys
tems. Such facilities will enable a programmed history of external forces or
deformations to be directly applied throughout the test structure to simulate
the effects of earthquake shaking. Depending upon the time rate at which
these forces or deformations are applied, the facility can be classified as
being either dynamic or pseudo-static. An inherent problem in the use of all
controlled loading facilities is the selection of the test loading. In prin
ciple, the applied forces should induce stresses and deformations in the test
component which are similar to those caused in the real structure by seismic
excitations. However, it is very difficult to predict the combination of
loads needed to produce the actual state of stress. Usually, the only recourse
is to simulate the critical combination of forces that could develop at a
certain time and then to vary the intensity of these forces according to simple
time functions. Rational selection of this critical combination requires
integrated experimental and analytical studies because this combination will
vary depending upon the specific SUbject of the study.

Furthermore, even if a rational combination of forces could be selected,
the problem of appropriately varying the magnitude of these forces would
remain. It is well known that the behavior of reinforced concrete is very
sensitive to the loading path [27]. To select the proper load sequence, a
simplified mathematical model is first assumed, and the earthquake response
of the test component is calculated. Based on test results obtained by using
this calculated load sequence, a new mathematical model is formulated and the



analysis is repeated, this sequence being followed until satisfactory conver
gence is achieved. A significant new development in controlled loading tests
has been reported by Okada and Seki [28]. It consists of a computer-actuator
on-line system which allows the displacement command signals to be consistent
with the test structure's response to a prescribed earthquake excitation.
Thus, the command signals are coupled to the actual force-deformation charac
teristics of the structure being tested. This new technique has been applied
successfully to a simple case where one simple actuator was required to simu
late the effect of earthquake motions.

Dynamic and Pseudo-Static Loading Facilities

If loads are applied according to the time variation rate expected during
the response of a structure, the testing facility can be classifed as being
dynamic. If the load sequence is applied slowly, however, the facility can be
denoted as being pseudo-static. In the latter case, the effects of strain
rate, E, and velocity-dependent damping, ~(t), will be negligible. The main
advantage of experimentally studying the hysteretic behavior of structures
under pseudo-static excitations is that the test can be stopped at any time
to check the instrumentation, recording devices, state of the specimen's damage,
etc. Thus, it is possible to change the program of applied excitations accord
ing to the results obtained during the tests. Furthermore, a better picture
of the actual mechanisms of stiffness and strength deterioration and of fail
ure of the structure can be obtained. Before accepting the results of pseudo
static tests, however, it is necessary to study the time-rate effects. This
is accomplished through the combined use of dynamic and pseudo-static loading
tests.

The hysteretic behavior of the following critical regions of reinforced
concrete structures have been investigated using different rates of strain:
(1) regions subjected to pure bending moments [29]; (2) flexural regions
subjected to different degrees of shear force [30]; and (3) regions subjected
to combined flexural, shear, and axial forces [31]. From the results obtained
to date, it can be concluded that the principal effect of an increase in
strain rate on the hysteretic behavior of reinforced concrete flexural regions
subjected to different magnitudes of shear and axial forces is to increase the
moment capacity at first yielding of the reinforcement. Although studies of
the effect of strain rate should be continued to determine the actual increase
in strength, to avoid economically undesirable overconservatism in design and
construction, according to the results available it is clear that comprehensive
experimental studies utilizing pseudo-static testing procedures can be carried
out on the behavior mechanisms for stiffness and strength degradation as well
as for failure of critical regions of reinforced concrete elements subjected
to severe seismic actions. However, some precautions should be noted. In
interpreting the results so obtained it is necessary to recognize that although
neglecting the observed increase in flexural capacity is conservative from the
point of view of the bending capacity design, it is not so for detailing of
the reinforcement required to resist the shear or axial forces that can be
developed in the same regions or members. Moreover, the effect of strain rate
on bond deterioration and on the behavior of the anchorage and splicing of the
main reinforcement should be investigated.
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Static and Dynamic Tests on Subassemblages

Comprehensive stUdies of the hysteretic behavior of large buildings by
means of destructive pseUdo-static testing is very costly. Thus, such studies
should be conducted only on the basic subassemblage of such buildings. The
type of subassemblage to be studied depends on the structural system used.
There have been significant and steady advances in knowledge of the hysteretic
behavior of moment-resisting frames, infilled frames, braced frames, and wall
frame systems within the past five years by testing planar subassemblages of
these systems. Versatile loading facilities have been developed [3] which
permit highly sophisticated and precise pseudo-static, and even dynamic, load
ing tests to be conducted on such planar subassemblages.

Perhaps the larger and more complex testing facilities that have been de
veloped in the U.S. are those used for studying braced frames and structural
wall systems. A brief description of the facilities developed at Berkeley for
this purpose follows.

Testing facility for braced frames and structural wall systems--Adequate
lateral strength and stiffness for tall slender buildings can be economically
achieved using braced frames or structural wall systems. To obtain basic
information for predicting the in-plane seismic behavior of these two systems,
it is necessary to test subassemblages such as those indicated in Fig. 22.
The first problem encountered in selecting these subassemblages is the simula
tion of actual boundary conditions. Solution of this problem usually requires
the use of specimens at least two, three, or four stories high. Another
problem requiring careful consideration is the selection of the loading con
ditions to be applied to the specimen [13,32-34].

The testing facility used at Berkeley for stUdying the in-plane seismic
behavior of these wall subassemblages is shown schematically in Fig. 23. The
principal feature of this system is its ability to simulate pseudo-statically
the significant loading conditions which are present due to gravity and changes
in environmental conditions, as well as those that are induced during earth
quake ground shaking. The specimens are tested in a horizontal position. The
bottom part of the specimen is anchored to reaction blocks and vertically sup
ported by the floor slabs, which slide on lOW-friction pads. As indicated in
Fig. 23, servo-hydraulic actuators, which are positioned between the specimen
and a set of reaction blocks anchored to the laboratory floor, are arranged
so as to apply axial loads, which simulate both static gravity effects and
dynamic alternating forces due to seismic overturning moments. A lateral
actuator is provided at the top of the test specimen to apply shear forces
simulating the seismic shear transmitted from the stories above; two other
lateral actuators attached to the floor slabs simulate the inertial forces
developed at these levels. All the lateral actuators are electronically
coupled with the axial actuators so that dynamic shears and overturning moments
will act in phase. The test setup is described in detail in reference 13.
With very slight modifications, this test setup can also be used for dynamic
testing.

A high-speed data acquisition system has been developed to be used with
this as well as the other controlled loading facilities at Berkeley. This
system is a computer-controlled multichannel analog data system. A maximum of
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A series of tests has
already been conducted on one
third-scale models of wall
subassemblages of a ten-story,
reinforced concrete frame
wall structural system. Re
sults obtained in these tests
are described in references
13 and 32. By carrying out
additional free vibration
tests at different stages of
damage, it has been possible
to obtain valuable informa
tion regarding variations of
the period of vibration and
of damping with increased
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damage. The facility
has also been used for
testing one-third-scale
models of both rein
forced concrete frames
infilled with reinforced
masonry [33] and braced
steel frame planar sub
assemblages.

A large controlled
loading facility has
been designed and is
being constructed to
test coupled-wall sub
assemblages [34]. The
test setup is illus
trated in Fig. 24. In
this facility the sub
assemblage specimens
are tested in their
actual vertical position.

The possibility of using these controlled loading facilities together
with the computer on-line techni~ue developed by Okada and Seki [28] enhances
the future of this type of testing facility. Now that the technology has been
developed and applied to loading facilities for testing planar subassemblages,
its application should be extended to the development of a large, three
dimensional, pseudo-static testing facility. This facility should permit

STEEL TUBE
COLUMN@

TIE DOWN SLAB

Yig. 24 Test Setup for Coupled Walls
(1 kip = 4.448 kN)



single and multiple story space subassemblages to be tested by subjecting them
to forces in the vertical and two horizontal directions. The hysteretic beha
vior of columns under biaxial bending and associated shear and that of joints
under three-dimensional actions; the effect of the interaction between perpen
dicular wall elements and floor systems in the lateral stiffness and strength
of the whole building; and the interaction between structural and nonstructural
elements to determine what controls the amount of acceptable ductility--these
are just some of the problems that need to be investigated and which reQuire
such a large, three-dimensional loading facility.

Full-size buildings or large-scale models--Since 1967, Japanese research
ers have been carrying out pseudo-static tests on full-size apartment build
ings up to five stories high [1] using the facility illustrated in Fig. 25.
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In most of the tests, repeated reversed lateral forces of a preselected fixed
pattern were used. The magnitude of the forces was increased in steps. The
advantage of using this method is that after each step, the building can be
subjected to free and/or forced vibration by means of shakers, thereby making
it possible, at each time step, to obtain the variation of period and of damp
ing with the amount of damage induced in the building. The results of these
tests have clarified the probable seismic behavior of highly complex struc
tures fabricated from cast-in-place reinforced concrete, precast reinforced
concrete, and precast concrete with prestressed construction systems.

It is doubtful that the observed interaction between the different com
ponents of these structures could have been predicted analytically or by means
of separate tests of their individual structural components. Problems similar
to these are being confronted by researchers throughout the world. In the
U.S., for example, large panel precast concrete buildings are now considered
economically and architecturally viable systems of construction. Although
these types of buildings are potentially able to resist severe ground motions
with controllable damage, realization of this potential will require extensive
research. Researchers at the Massachusetts Institute of Technology, who are
involved in the development of advanced dynamic modeling techniques capable of
estimating the full range of potential seismic response of these panelized
structures, have concluded, after preliminary studies [35], that the successful
evolution of these techniques depends on the availability of reliable test data.

JL&.. --At present there is only
one facility that will permit three
dimensional controlled loading exper
iments to be conducted on large-scale
models of subassemblages or buildings.
This facility, which is being con
structed at the Civil Engineering
Research Laboratory, Balcones

Large-Scale Three-Dimensional Con
trolled Loading Facilities

(a) (b)

Fig. 26 Pseudo-Static Facility for
Testing Large-Scale Specimens
under Three-Dimensional
Deformations

It is believed that only tests on full-size or large-scale models of this
industrialized type of building and On its components can produce the required
data. The need for large- rather than small-scale models is due to the fact
that the inelastic behavior of structure--particularly when reversal of defor
mation occur--is very sensitive to the detailing, Which is very difficult to
simulate at reduced scales. Thus, a large pseudo-static facility that will
permit the applications of multidirectional deformations or loadings as dis
cussed above should be developed. This can be accomplished with the arrange
ment illustrated schematically in Fig. 26. This type of facility would permit
the application of horizontal biaxial deformations, as well as vertical
loading by simply attaching auxiliary steel frame elements to the permanent
walls and the tie-down slab. The variation of the dynamic characteristics at
the different levels of damage induced during the pseudo-static test of a
model can be determined by conducting ambient and forced vibration tests. To
obtain the variation of dynamic characteristics with large amplitude vibra
tions, it is necessary to develop shakers more powerful than those presently

available.



Fig. 27 Structural Floor-Wall
Reaction System at the University
of Texas, Austin (1 in. = 2.54 em;
1 ft = 0.3048 m; 1 kip = 4.448 kN)

Research Center, University of
Texas, Austin, consists of a
structural floor-buttressed wall
system illustrated in Fig. 27.
The anchorage capacities in the
walls and floor are also indi
cated. The floor-wall system
will be served by a computer
controlled data acquisition and
closed-loop hydraulic loading
system. This test facility has
been developed to conduct a com
prehensive investigation on the
behavior of reinforced concrete
frame elements under biaxial
loads [36]. The use of floor
buttressed wall systems, together
with specially constructed load
ing frames such as the one illus
trated in Fig. 26(b) , will enable
studies of multidirectional load
ing histories to be cohducted on
large three-dimensional subas-
semblages or up to two stories of

full-scale three-dimensional structural systems. It would be highly desirable
to develop a similar facility with a large height capacity, particularly for
studies of tall panelized buildings.

Japan--The present facility shown in Fig. 25, does not permit applica
tion of three-dmensional loads or deformations. A new facility is being
constructed in Tsukuba. This facility occupies in plan 210 ft x 164 ft
(64 m x 50 m) and has a total height of 123 ft (37.5 m) above the ground
level and 22.5 ft (6.85 m) below the ground level. The plan and sections of
the floor-reaction wall system is illustrated in Fig. 28. The loading floor
is 168 ft x 65.6 ft (51.2 m x 20 m) in plan and has a thickness of 22.5 ft
(6.85 m). This loading floor is divided into two zones (I and II) by one
of the reaction walls (A). Zone II, which has a clear floor area of 65.6ft
x 50.5 ft (20 m x 15.4 m), has two reaction walls (A and B) at right angles,
with a height above the loading floor of 82 ft (25 m) to allow full-scale
building units of up to nine stories to be tested. Zone I has a clear floor
plan of 80.7 ft x 65.5 ft (24.6 m x 20 m) and has only reaction wall (A).
The loading, deformation, and data acquisition will be directly controlled by
a computer system.

RESEARCH AND DEVELOPMENT NEEDS

The ultimate objective of research in ERCBC should be to develop
methods of design and economic construction which produce functional seismic
resistant buildings. Two types of buildings should be considered: non
engineered (low-cost) and engineered. Achievement of this goal entails con
siderable development and analytical and experimental studies which should be
fully integrated.
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Nonengineered Buildings

The construction of low-cost earthquake-resistant housing is one of the
most pressing problems for engineers. The main problem is to provide adequate
continuity, i.e. anchorage, to the various components of a building. This
involves proper detailing of the connections (joints) of the different com
ponent~. New methods of anchoraging should be developed through full-scale
testing of building components in loading facilitiies. The reliability of
these new techniques and possible improvements of established methods can be
studied by final tests of the whole building using medium- or large-scale
earthquake simulator facilities.



Engineered Buildings

In these cases involving defined structural systems, prediction of
building response to earthquakes necessitates study of not only the bare
building's structural system, but also of the entire soil-building system.

To predict analytically the hysteretic behavior of a building, it is
necessary to studY experimentally the behavior of the soil-building system
and the building's components subjected to seismic actions so that appro
priate mathematical models may be devised. Despite increased knowledge on
the hysteretic behavior of structural elements and planar subassemblages, data
are insufficient to predict the three-dimensional inelastic behaVior of most
buildings.

For rapid improvement in the field of ERCBC, there is a need for a
national laboratory for large-scale experimentation which should include both
the largest possible earthquake simulator and the largest possible three
dimensional loading facility. The earthquake simulator is needed for:

1. StudYing the soil-building system. This is to include soil
structure interaction and the effect of rotation, translation, settlement,
uplift, and/or sliding of the foundation on the dYnamic response of the
building.

2. Studying up to collapse new building systems whose analytical beha
vior is difficult to predict. One example of such a system would be precast
concrete panel buildings.

3. StUdying the response of components and equipment and their effects
on the response of a structure. There is an urgent need for quantifying the
damage indices required for establishing damageability limit states.

4. Testing nonengineered buildings up to collapse.

The three-dimensional loading facility is needed for:

1. Carrying out comprehensive parametric studies on the hysteretic
behavior of three-dimensional subassemblages or complete basic units of rein
forced concrete buildings under multidirectional loading, particularly of
precast concrete panel buildings.

2. Carrying out comprehensive parametric studies on the interaction
between structural and nonstructural components to different types of buildings.

While the development, design, and construction of a large-scale, three
dimensional controlled loading facility could be carried out immediately, it is
suggested that the final design and construction of the earthquake simulator be
carried out only after performing a thorough and detailed feasibility studY of
the largest possible facility of this type. The need for this study is dictated
by the need for a large shaking table on which the above studies can be con
ducted, using realistic models of soil-building systems. The development of
this earthquake simulator will be so costly that the economic restrictions should
be carefully weighed. It is also believed that the two large facilities--the
controlled loading and the earthquake simulator--shouldbe built in the same
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location, the desired location to be selected considering the technicians needed
for its functioning and maintenance as well as the research and professional
environment for its efficient use.

To this end the result should be part of an integrated effort on the
part of researchers, practicing engineers, manufacturers, and government and
building developers.
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INTRODUCTION

Much experimental work has been done during the last 15 years on existing
structures and in laboratories of universities, government and industry,
directed towards achieving a better understanding of the response of structures
to seismic excitations. All of this experimental work, whether basic or
applied research or seismic proof testing, is part of a concerted effort to
develop - as expressed in NSF guidelines - methods and techniques that can pro
vide more cost-effective protection for man and his works from the life loss,
injury, property damage, social dislocation, and economic and ecological
disruption caused by natural hazards and disasters.

The ERCBC workshop provides an excellent opportunity to look back and
ahead and evaluate what has been and what needs to be done towards achieving
the aforementioned objective. Reading the preprints for this workshop, it is
clear that extensive well documented experimental work has been done and
abundant qualitative as well as much quantitative information can be extracted
from research reports and technical papers. However, surprisingly little con
tinuity and coordination can be found between individual research efforts, with
much duplication in some areas and visible gaps in others. Also very few of
the recent research findings have lead to significant changes in regulatory
documents. Perhaps this is acceptable to some degree, since large segments of
the engineering profession repudiate the drafting of elaborate codes which
could be considered restrictive to good engineering judgement.

Nevertheless, so much experimental and analytical research has been done
in the recent past that the individual user cannot keep abreast with important
recent development. Workshops, such as this ERCBC workshop, are essential at
this time to organize and disseminate research information for professional
use. Ideally, such workshops should lead to the dissemination of recommen
dations and comprehensive but concise state of the art reports drafted by
working groups. It is equally important that these recommendations and
state of the art reports be updated at regular intervals.

As far as experimental research is concerned, this workshop should prOVide
an opportunity to coordinate individual research efforts, explore the feasi
bility and limitations of experimental techniques, identify those topics where
experimental research is most needed, and suggest gUidelines for future re
search which ultimately should result in a complete set of information needed
for the design of serviceable and safe structures in seismic environment.

Although individual research projects and specific experimental facilities
are discussed extensively in the preprints of this workshop, not much is said



about the overall scope and objective of experimental research in ERCBC. To
my knowledge, a research report by Professor Bertero [1] is the only publica
tion available in U.S. literature which addresses itself fully to this subject.
In this paper I would like to add a few subjective thoughts to this comprehen
sive discussion of research needs.

Conceptually, the scope of experimental research in ERCBC appears to be
well defined. Information on the constitutive properties of the component
materials and the interactions between the component materials (bond and
crack propagatio~ theoretically should suffice to solve mathematically any
problem in ERCBC by continuum mechanics principles. Our inability to formu
late simple and reliable mathematical models based on continuum mechanics
principles makes it necessary to derive models for the load-deformational
response of individual elements from experimental measurements. Uncertainties
in predicting the interactions between individual elements necessitates exper
imental research on subassemblies and complete structures. The importance of
structural detailing on the performance of ERCBC adds another dimension to
experimental research. If we now add cyclic response effects, time dependent
phenomena, the random nature of seismic events, and the interaction effects
between structures and the supporting soil medium, it is evident that we are
faced with a multitude of rather complex problems.

Personally I cannot see how these problems can be solved with every
researcher doing his own thing. As much as individual initiative and in
genuity is needed, it is equally important at this time to coordinate experi
mental research efforts, define research needs and objectives, develop a
national or perhaps international research program ~nd set several definite
research goals.

As an attempt to raise interest and stimulate discussion on this subject,
presented below is rough, subjective and certainly incomplete outline of
research objectives and a brief discussion of feasible experimental means for
achieving these objectives.

OBJECTIVES OF EXPERIMENTAL RESEARCH ON ERCBC

Much of earthquake engineering research is directed towards defining each
term in the discretized equation of motion

[M] {ii} + Lei {ti} + iFl {u} = [M} {iig}

where eM 1ideally should represent the prope~ mass distribution throughout the
structure and the supporting soil layers; [CI ideally should represent all
damping contributions which cannot be included with confidence in the formu
lation of the !."K! matrix; fK} ideally should represent all stiffness
characteristics of the structure and the supporting soil layers, including
geometry and material nonlinearities, stiffness degradations, and time de
pendent effects, and {ii } ideally should represent the random nature of the
six components of groun8 motion at the boundary of the soil-structure system.
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Experimental research is needed to evaluate each of the aforementioned
terms and also to arrive at decisions directly applicable to the design process
for ERCBC. In particular, the following problems need further study.

Basic Dynamic Characteristics of Structures

Not enough research information is available in the literature on natural
frequencies and damping in actual structures. From a designer's point of
view, the strength design of structures is very sensitive to period and damping
estimates. Presently available equations for estimating the fundamental period
(O.lN and O.05hu/\~ are inadequate, and period determination based on stiff
ness characteristics of resisting elements will rarely do justice to structure
floor system -nOn structural element interaction. Also, the soil stiffness
should be considered in the period determination, particularly for shear wall
type structures.

To complicate matters further, we have to live with the fact that natural
periods and damping are severly dependent on the vibration amplitude. To my
knowledge nobody has yet taken a close look at the consequences of different
designs which can result from period and damping estimates based on either low
amplitude vibration (uncracked section) or vibrations causing design level
forces. Perhaps our presently accepted philosophy of basing period calcula
tions on uncracked sections is too conservative. Or are we trying to balance
one conceptual error - that of ignoring the stiffening effect of nonstructural
elements - with another conceptual error - that of overestimating the stiff
ness of the structural elements? A well planned testing program on existing
structures together with an analytical study could shed significant light on
this problem.

Soil-Structure Interaction Effects

Many different effects of major importance on the structural response
can be lumped together under this name. To name a few, the increase in the
fundamental natural period of the structure due to the soil compressibility
(as mentioned in the previous paragraph), the increase in effective damping
due to energy dissipation through radiation and hystertic action in the
soil medium, and the effects of overturning and uplift tendencies could be
included in this topic. Very little is known about each of these effects
and reliable mathematical models cannot be formulated without experimental
evidence. Thus, as difficult as it may seem at this time, rational experi
mental means for studying these effects should be developed.

Effects of 3-D Motion

In the past, laboratory experimentation has been limited to response
studies for one or two translational components of input motion. Interestingly,
most dynamic testing of structures in the post-elastic range was also carried
out on symmetric structures which prevented torsional modes of vibration.
From damage observations in past earthquakes it is evident that torsional
modes of vibration can be critical in ERCBC, particularly at corner columns
and re-entrant corners. Moreecperimental work is needed on investigating
torsional effects and, in general, the effects of all six components of
ground ~otion.



Properties of Materials and Interaction between Component Materials

Much experimental research has been carried out on low strain rate (static)
properties of concrete and reinforcing steel, on bonding between steel and
concrete, on crack initiation and crack propagation, and on the effects of
confining concrete through closely spaced hoop reinforcement. Most of this
work has been done under monotonically increasing loading, some under quasi
static cyclic loading, and very little under dynamic loading. If we ever
are to achieve a reliable correlation between material and element behavior
under dynamic actions, much more research work needs to be done at the material
level under strain rate and loading histories similar to those expected under
seismic actions. The importance of such material testing is also evident
from the fact that much of the element testing is done under quasi-static
loading and reliable conclusions have to be drawn from these tests on the
dynamic behavior of elements.

Load-Deformational Response of Structural Elements, Subassemblies, and Complete
Structures

There are two main purposes for experimental research in this area: to
develop and/or verify mathematical models for the load-deformational response
as needed in the formulation of the stiffness matrix (K] , and to formulate
rational design and detailing criteria for structural elements.
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An abundance of experimental data is available on the cyclic response
individual elements, usually obtained from quasi-static cyclic load tests.
this area of significant overlap between individual research projects, it
may be time to take a pause in experimental work and take a close look at
accumulated data. An evaluation of these data, which should result in a
comprehensive set of user oriented recommendations, is urgently needed.

of
In

At this time, a consistent evaluation will be somewhat difficult since
the load-deformational response is highly sensitive to the applied loading
history and individual experiments were carried out based on rather sub
jective decisions on load cycling. It is essential to perform a thorough
study of loading histories which possibly may occur in various types of
structural element under realistic seismic excitations, and which will be
critical for the ductility supply of the elements. Such a loading history
may be of the incremental collapse type (primarily unidirectional loading) for
elements governed by flexure, and of the low cycle fatigue type (symmetric
cycling about undeformed position) for elements governed by shear. Perhaps
it is possible to develop standardized loading histories such as those used
in the New Zealand Loading Code.

Past experimental studies on structural elements have given us much in
formation on how individual elements behave under cyclic loading. Future
research, whe~needed,shou1dbe primarily concerned with design improvements
which must be economically and constructionally feasible. For instance, ductile
moment resisting space frames designed to take 100% of the lateral loads are
so difficult to construct that only few have been built in Northern California.
Perhaps there are alternatives to conventional means of achieving ductility,
such as possibly the use of fiber reinforced concrete at critical regions;
or perhaps changes in conventional configurations of frames may lead to a
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decrease in ductility demands. Very little research has been done on pos
sible alternatives to conventional design.

More experimental research is needed on interaction effects between in
dividual elements, such as three-dimensional framing action, frame-shear wall
interaction, and interaction between vertical lateral load resisting units
and floor systems. Ideally, such studies should be done on three-dimensional
substructures or complete structures, with extensive instrumentation in every
element to permit a correlation between element and structure behavior. The
feasibility of dynamic or quasi-static testing on prototypes or scale models
should be investigated. A thorough conceptual study should be performed
of realistic loading histories representing gravity load effects and three
dimensional seismic effects. The effects of boundary conditions in sub
structure testing must be closely studied and the strain rate effects must
be investigated in more detail if we are to gain confidence in predicting
the dynamic response from quasi-static cyclic testing.

Determination of Acceptable Damage Levels

It appears that design philosophy is headed towards a two-level seismic
design; a design for an earthquake of a certain small probability of occurrence
which the structure should resist with "acceptable" damage, and a design for
the maximum credible earthquake under which collapse must be prevented.
Experimental work is needed for assessing acceptable damage, which will re
quire a thorough study of repairability of structural as well as non
structural damage.

Seismic Proof Testing

Certain critical facilities such as reactor components, and standardized
units and details such as elements and connections in the prefabricated con
crete industry will require experimental verification of their integrity and
safety under various levels of ground motions. The development of recommen
dations for standardized seismic test procedures should prove very useful to
industry and regulatory agencies. Such recommendations should include in
formation on required material testing as well as on the types of loading
histories and the simulation of boundary conditions for component testing.

Many other experimental research needs have not been included in this
brief summary, such as work on vibration isolation systems, damping devices,
foundations, special structural problems such as interaction between frames
and infill walls, strengthening of existing buildings, and reliability of
experimental results. Most of these topics are discussed elsewhere in the
proceedings to this workshop.
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EXPERIMENTAL PROCEDURES AND FACILITIES

Let us assume that we have established the research needs, scope and
objectives for experimentation on ERCBC. Then we are faced with the pro
blem of trying to achieve these objectives in an optimum manner. This means,
obtaining a complete and reliable set of information by taking advantage as
much as possible of already available test facilities and well established
test procedures, and creating new facilities as well as developing new test
procedures - where needed.

The previously discussed objectives could be achieved through the fol
lowing types of tests.

Existing Structures - Field Testing

Such structures are gold mines which yet have not been fully exploited.
Ambient vibrations, man or vibration generator induced motions, or motions
induced by explosions can reliably be used to measure the dynamic character
istics of structures - unfortunately in most cases under small vibration
amplitudes. Correlations between measured and computed frequencies and
mode shapes should give important information on mathematical modeling
techniques and effects of nonstructura1 elements. Measurements of rotations
at the foundation level can be used to evaluate rocking effects. If ex
plosives are used, a comparison between free-field motion and foundation
motion can result in valuable information on soil-structure interaction
effects.

Ideally we should go treasure hunting for structures which are ordained
for demolition and which are designed according to modern codes - with all
the design information available. Such a structure was recently tested
by Professor Galambos in St. Louis. Experiments on prospective structures
of this type are most promising fo~ acquiring a complete set of information
on amplitude dependent frequency and damping variations, soil-structure
interaction effects (if underground explosions can be used), and structural
response.

Test Structures - Field Testing

The two four-story reinforced concrete tests structures tested by
John B1ume/URS at the Nevada Test Site proved the significant value of
field testing of test strcutures excited by vibration generators and under
ground expo10sions. Such experiments are most desirable from the standpoint
of design and construction control, instrumentation planning, and realistic
representation of soil conditions, but can hardly be included in a general
research program due to their excessive cost.

Test Structures and Substructures - Laboratory Testing

Since most field studies are limited to low amplitude testing, it.is expected that
laboratory experimentation will remain the main source of physical information
on ERCBC. The most widely used tools for reproducing seismic effects in the
laboratory are earthquake simulators and hydraulic actuators which are used
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for quasi-static or dynamic load applications at discrete points. Only these
two types of motion generators are briefly discussed below, although other
viable alternatives such as vibration generators should be considered in
laboratory experimental programs.

Earthquake Simulators. In the United States several research laboratories
are equipped with earthquake simulators, usually of small size with the largest
table measuring 20 ft. x 20 ft. Due to these size constraints, shaking table
testing is presently limited to either very simple prototypes, small sub
structures, or models of prototype structures. We could propose to build
larger simulators, but economic considerations (it has been estimated [2]
that the total cost of shaking table experimentation increases roughly with
the square to cube of the linear table dimension) seem to outweigh the pros
pective benefits. I trust that the experimental evidence, which can be pro
duced with medium size simulators (20 ft. x 20 ft. and smaller), together with
field testing and quasi-static' cyclic as well as dynamic laboratory testing,
is sufficient to meet our near future research objectives.

To obtain a complete set of information on the seismic response of
specific structures we would have to reproduce the complete prototype
structure-soil system in the laboratory, which is physically nearly impossible
even on large shaking tables. Hence, laboratory earthquake simulation is
bound to be a compromise which limits the usefulness of shaking table experi
mentation.

The purpose of experimentation on earthquake simulators is to investigate
within the limitations of rational table sizes - seismic response phenomena
which cannot be studied more reliable and cost efficient by other experimental
means. Such phenomena could include rate of loading effects, dynamic response
characteristics under realistic seismic excitation ranging from low amplitude
vibrations to excitations producing inelastic response and failure, failure
mechanisms, effects of mass and stiffness irregularities, torsional effects,
overturning effects, dynamic instability, idealized soil-structure inter
action effects, and interaction between structural and nonstructural elements.
Clearly, shaking table experimentation as a means of verifying mathematical
modeling techniques needs also to be emphasized.

I have purposely omitted studies on large and complex structural systems.
Such structures are usually of a unique nature and it would be difficult to
draw general conclusions from a specific test.

It appears that all of the aforementioned topics (perhaps with the
exception of interaction effects between structural and nonstructural elements)
can and in many cases have to be studied by means of structural models. It
has been accepted practice for many years to carry out static and dynamic
structural testing on approximately half scale models. Such "large scale"
model tests have been the basis of most of our present design recommendations
and very few objections have been raised in regard to scaling effects. I
only wonder at what scale factors researchers and professionals start losing
confidence in model testing.

A thorough study of scale modeling effects is urgently needed to clarify
questions regarding strain rate effects, strain gradient effects, dimensional
tolerances, detailing requirements, and many more. For instance, it is



well established that model concrete (at any scale factor) exhibits a relative
increase in tensile strength which will lead to improper simulation of cracking.
Bond characteristics are almost impossible to simulate in small scale models.
But what are the scale factors at which these effects become important?
Perhaps we can use smaller than half scale models without losing our confidence
in experimental results. If we also start paying close attention to dynamic
model similitude requirements, we may find out that reliable and sufficiently
complete information can be obtained from model experiments at scales which
permit testing on presently available simulators.

If we need to set priorities, at this time it appears most critical to
look into medium size tables which are capable of simultaneously reproducing
several components of ground motion. Research on the effects of three-di
mensional ground motion is urgently needed.

Hydraulic Actuators. Quasi-static cycliC load testing by means of
hydraulically driven actuators has been for decades the standard technique
for investigating the load-deformational behavior of structural elements and
element assemblies. Synchronized electronic control has made it possible
to apply predetermined loading (or deflection) histories to several loading
points and thus simulate more closely the anticipated loading path of
seismically induced action. This experimental technique is particularly
attractive from the standpoint of instrumentation as well as load and de
formation control. It probably will remain our main source of information
on strength and deformation characteristics since methods can be developed
to overcome its two main drawbacks.

The most obvious drawback is that time dependent effects are not simulated
in this testing procedure. However, recent studies (3] have indicated that
these time dependent (strain rate) effects appear not to be of major importance.
Still insufficient data are available at this time to draw definite and general
conclusions on strain rate effects. If more research would be done on these
effects at the material and element level, we should be able to reliably pre
dict the dynamic response from quasi-static cyclic load tests. It should be
possible to achieve this at the element level through tests on pairs of
identical speciments subjected to identical displacement histories, one ap
plied quasi-statically, the other at rates similar to those expected under
seismic excitations.

The second drawback of cyclic load testing of elements, subassemblies
and structures is the rather subjective decision which must be made on the
usually predetermined loading history to be applied to the specimen.
Analytical studies preceding the experiment will aid in making this decision,
but it seems to defeat the purpose of the experiment to predict loading
histories from analytical studies based on strength and stiffness properties
which are not known a priori.

An alternative which shows much promise is presented in the paper
by Professor Okada. He reports work done in Japan on simulation by means
of a "computer-actuator on-line system". This technique uses a feedback
system between computer and actuators, where the computer receives the
electronically measured stiffness characteristics of the test specimen,
computes the incremental response of the specimen to a predetermined ground
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motion, and feeds the response increment back to the electronically con
trolled actuators, In this manner the loading (or deformation) history
will follow closely that which is expected when the test specimen is sub
jected to the assigned earthquake. This feedback system appears to be quite
feasible but may become rather complex for three-dimensional structural
assemblies with several translational degrees of freedom,since it may require
a series of actuators and extensive instrumentation in every element for which
stiffness must be defined in the computer analysis segment.

As mentioned previously, the future needs for actuator operated load
testing will be primarily in the are~ of three-dimensional structural assem
blies with one, two, or three-dimensional load application. With the present
state of the art in instrumentation and synchronized loading equipment it is
feasible to construct suitable facilities of any size. To gain the types of
information needed for design improvements in ERCBC, much thought should be
given to the loading histories for two and three-dimensional load application.
It will be very difficult to draw general conclusions from tests with specific
loading histories.

CONCLUSIONS

1. Guidelines are needed for the scope, objectives, and priorities of future
experimental research on ERCBC. This workshop is an appropriate forum to
develop such guidelines.

2. Existing experimental facilities and techniques need to be assessed as
to their capability to achieve research objectives in an efficient and reliable
manner.

3. Where presently available facilities and techniques are found to be in
adequate to meet the research objectives, recommendations should be made on the
types of facilities and techniques which need to be further developed.

REFERENCES

1. Bertero, V. V., "Identification of Research Needs for Improving Aseismic
Design of Building Structures," EERC Report No. 75-27, University of
California, Berkeley, September 1975.

2. Ashley R., "General Considerations on Scaling," Proceedings, NAE Workshop
on Simulation of Earthquake Effects on Structures, San Francisco,
September 1973.

3. Bertero, V. V., Rea, D., Mahin, S., and Atalay, M.B., "Rate of Loading
Effects on Uncracked and Repaired Reinforced Concrete Members,"
Proceedings, 5WCEE, Rome, Italy, June 1973.



DESIGN METHODS AND EXPERIMENTAL AND
ANALYTICAL INVESTIGATIONS RELATED TO
THE EARTHQUAKE-RESISTANT REINFORCED
CONCRETE BUILDING CONSTRUCTION OF
PRESTRESSED AND PREFABRICATED
STRUCTURES; CORRELATION WITH FIELD
OBSERVATIONS OF EARTHQUAKE DAMAGE





Preceding page blank
WORKSHOP ON EARTHQUAKE-RESISTANT REINFORCED

CONCRETE BUILDING CONSTRUCTION (ERCBC)
University of California, Berkeley, July 11-15, 1977

DESIGN OF EARTHQUAKE-RESISTANT, PRESTRESSED CONCRETE STRUCTURES

by

T. Y. Lin, Felix KUlka, and James Tai
Board Chairman, President, and Associate respectively

T. Y. Lin International

I. INTRODUCTION

The design of earthquake-resistant prestressed concrete buildings is quite
similar to that of reinforced concrete ones. In fact, the main features of
aseismic design are generally identical for the two types of buildings, with
some differences due the peculiar features of prestressing. The purpose of
this report is to point out the differences between prestressed and reinforced
concrete insofar as earthquake-resistant design is concerned.

As a total structural system, whether the components are made of reinforced
or prestressed concrete, the response and behavior of the system as a whole
remains practically the same. In fact, most building systems are composed of
a combination of reinforced and prestressed elements so that the prestressed
portion may be only a small part of the entire structure. Hence, the presence
of prestressing in these components mayor may not affect the system as a whole.
None-the-less, it is important to realize the differences as well as the
similarities between them.

While research on seismic design has been centered on reinforced concrete,
and some of the findings are equally applicable to prestressed ones, there has
not been too much research done directly on prestressed concrete. The same is
true for the design of prestressed as versus reinforced concrete structures for
seismic resistance. But the incorporation of prestressed components into
buildings can be properly accomplished, provided the peculiarities of prestress
ing are considered in the components and in the details.

II. ELASTIC BEHAVIOR OF PRESTRESSED CONCRETE MEMBERS
UNDER MOMENT REVERSAL*

Because earthquakes act on buildings with varying and alternating direc
tions, a member that is eccentrically prestressed may seem to be incapable

FIG. I.-A C-LTNF. LOCATION IN A FIG. 2.-LOCATlON OF C-LiNE IN A
SIMrLp. BEAi\.T RIGID FRAME

*Sections II through V are taken from paper "Design of Prestressed Concrete
Buildings for Earthquake-Resistance," by T. Y. Lin, Journal of Structural
Division, ASCE, October 1965.
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of resisting moment applied in an unfavorable direction. For example, the
simple beam shown in Fig. 1 prestressed with a parabolic c.g.s (centroid of
steel) would seem to have little resistance for upward loadings produced by
earthquakes. In actuality, however, this is not true, because under the action
of dead load a prestressed member would usually possess a line of pressure
(the C-line) close to the c.g.c. centroid of concrete section. In fact, in an
ideal case, such as shown in Fig. 1, the upward component of the tendons
balances the gravity action of the dead load, and the C-line will pass exactly
through the c.g.c. Then any additional load would simply move the C-line away
from the c.g.c. and the beam is able to resist a sizeable loading whether up
ward or downward.

Sometimes a prestressed member is subjected to the moment reversal of
earthquake loadings with its C-lin already quite far away from the c.g.c.; in
this case, the resisting capacity is relatively low and additional nonpre
stressed steel may be required. This is similar to a reinforced concrete
member under flexure when reinforcement may be required on both sides in order
to provide sufficient resistance to reversal under earthquake actions.

The elastic behavior of a prestressed rigid frame is shown in Fig. 2. An
ideal design for earthquake resistance is again to locate the C-line through
the c.g.c. before the application of earthquake forces. For example, the c.g.s.
in the beam should be located to supply an upward component to balance the dead
load, so that We will have a C-line in the beam coinciding with the c.g.c. If
the horizontal component of the prestress, Fl , should act with an eccentricity,
el, at an end of the beam, that moment, Flel, should be counter-balanced with
another moment supplied by the tendons in the columns, such that F2e2 = Flel'
If this is done, the columns will be under concentric prestress with the C
lines coinciding with the c.g.c. although the c.g.s. is physically located away
from the c.g.c.

In an actual building, it is not always possible to achieve the ideal
location indicated in Fig. 2. But if the C-line is not too far from the c.g.c.,
the elastic capacity of the members to resist moment reversal can be sufficient
to meet code requirements and the action of moderately heavy earthquakes. It
is emphasized that the resistance of the prestressed members to moment reversal
is not indicated by the physical location of the c.g.s., but by the location of
the C-line before the application of earthquake forces.

III. ALLOWABLE STRESSES AND LOAD FACTORS FOR PRESTRESSED
CONCRETE MEMBERS UNDER EARTHQUAKE LOADINGS

For buildings of conventional materialS, such as steel or reinforced con
crete, most building codes permit a one-third increase in the ·allowable
stresses when considering earthquake loadings. This increase is justified
because of the infrequent occurrence and the short duration of the design
earthquakes. It is also convenient because this procedure avoids the necessity
of re-proportioning all members for earthquake effects. While the above
reasoning is equally applicable to prestressed concrete, the value of one
third increase cannot be directly applied.

Consider the case of allowable tension for extreme fiber stresses in a
prestressed concrete member. A one-third increase for zero tension would
still culminate in zero tension; a one-third increase for an allowable tension
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of 400 psi would add to the moment capacity by only approximately 5%. Consider
the case of allowable tension in prestressed steel, which is usually set at
0.60 f~; a one-third increase would raise this to 0.80 f~ which is clearly much
too high. Hence, a straight one-third increase for allowable stresses cannot
be specified when considering earthquake effects in prestressed concrete.

In order to preserve the original intent of the one-third increase in
allowable stresses, without encountering the technical difficulties mentioned
above, it is suggested that the loads, shears, and moments be modified by a
reduction factor of 3/4 when considering earthquake effects while the allowable
stresses remain unchanged. This method, sometimes used for earthquake design
of conventional structures, is indeed the sensible solution for prestressed
concrete. This method simply permits the overloading of all parts by one-third
of the normal loadings when considering earthquake effects. It assumes that
all members would be able to carry a one-third increase in load for a short
duration without signs of distress; this is a valid assumption for prestressed
concrete, as in the case of other conventional materials when designed accord
ing to the usual standards.

When ultimate strength method is used for seismic design of prestressed
concrete, most building codes specify the same load factors as for conventional
materials. The 1958 Uniform Building Code and the 1961 Building Codes Require
ments of Prestressed Concrete Institute both call for a load factor of 1.4,
which means equating ultimate strength U as

U = 1.4 (D + L + W)

in which W = earthquake effects.

This, when compared to the requirement of U = 1.8 (D + L), indicates that
for loadings including earthquake load, W, an increase of 1.8/1.4 - 1 = 1.3
- 1 = 0.3 = 30% is permitted. This is again in line with the one-third in
crease in allowable stresses for conventional structures, or the reduction
factor of 3/4 suggested above. The 1963 ACI Code calls for 1.25 (D + L + W),
together with an understrength factor of 0.9, so that the actual load factor
requirement for ultimate strength is,

1.25 (D + L + W)
0.9 = 1.39 (D + L + W)

which is close to the previous requirement of 1.4 (D + L + W).

IV. DUCTILITY OF PRESTRESSED MEMBERS

The ductility of prestressed concrete is dependant on (1) the tensile
strength and elongation of the prestressed steel and (2) the compressive
strength and shortening of concrete. Before the cracking of concrete, the
entire concrete section absorbs the energy with the strain energy of steel
sharing only a small part of the work. After cracking, however, the steel
participates fully in the energy absorption, while only the uncracked part
of the concrete remains active. This post-cracking behavior of prestressed
concrete is indeed quite similar and comparable to that of reinforced concrete.

The energy absorption capacity of prestressed steel is typically described in
Fig. 3. During the process of prestressing a sizeable amount of energy is
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stored in steel, although part of that energy is lost as a result of the loss
of prestress. Under the application of external loading, the change in steel
strain is quite small, and the energy is essentially absorbed by the concrete.
After cracking, however, the reserve energy capacity of steel is exceedingly
high. It is noted that the steel can seldom be stretched to its ultimate strain
which has a 4% specified minimum but generally extends to more than 6% for the
ASTM A416 seven-wire strands now prevalent in the USA. Hence, there is no
question of the sufficiency of the prestressed steel to absorb an unusual
earthquake, e.g., 4 to 5 times heavier than the design earthquake. Although
the ultimate strain of 4% to 6% is much lower than that for reinforcing bars,
or for structural steel, the ductility is already more than enough to meet the
requirements and can seldom if ever be fully utilized in any case.

To illustrate the energy absorption capacity of prestressed concrete beams,
two typical examples are shown in Fig. 4--one for a post-tensioned beam B with
a tendon bonded to the concrete and two nonprestressed steel bars in addition
and another for an unbonded beam, U, with two greased tendons [1]. Both beams
were loaded at the third points and the middle third part was measured for
moment-curvature relationships. Because moment, M, multiplied by curvature,
¢, is a measure of the energy' stored in the beam, the area under the curve
before cracking is a measure of the elastic energy while the remaining area
indicates the energy absorption capacity in the plastic range. It can be shown
that the Beam U, the ratio of the plastic energy absorption capacity to the
elastic capacity is approximately 22, while that for Beam B is about 70. In
both cases, there is plenty of reserve capacity. The bonded beam, B, with
lower percentage of steel and some 'nonprestressed bars, exhibited especially
high ductility.

While curves in Fig. 4 are typical of under-reinforced slender beams fail
ing in flexure, beams with short shear spans and thin webs may fail in shear,
especially if no web reinforcement is provided. The two lower curves in Fig. 5
indicate the lack of ductility of such beams, and clearly bring out the neces
sity for web reinforcement in these cases [2]. The two top curves, on the
other hand, confirm the ductility of beams with proper web reinforcement. Gen
erally speaking, the amount of web reinforcement called for by the 1971 ACI
Code will be sufficient to assure a reasonable amount of ductility for the
purpose of earthquake resistance.

Fig. 6 gives the results of some tests for rectangular beams without web
reinforcement subjected to high shear in combination with moment [3]. The low
shear span to depth ratio of 2 was the main reason for the low ductility. It
will be noticed that the ductility, measured by the ratio of the deflection at
ultimate load, P , to that at 0.6 Pu ranged from 2 to 8, depending on the
extent of the ef¥ective prestress in the steel, indicating that higher prestress
results in higher ductility. This is also confirmed by tests at the University
of Illinois (Fig. 7), which indicated higher resilience for higher levels of
prestress [4].

The energy absorption capacity of prestressed beams subjected to external
moment producing compression on the precompressed side is not too well known.
But from available data, it can be said that the use of nonprestressed rein
forcement on the opposite side will greatly increase the strength and the
ductility of the beam [5].
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V. EARTHQUAKE RESISTING COMPONENTS IN PRESTRESSED
CONCRETE BUILDINGS

While the elements in prestressed concrete buildings are basically the
same as those in reinforced concrete buildings, their layouts and arrangements
for earthquake resistance can be radically different. Fig. 8 shows diagrama
tically the earthquake resisting elements in a concrete building. The vertical
elements are the shear walls, the elevator shafts, and the rigid frames formed
by girders and columns. The horizontal diaphragm is supplied by the floor and
roof slabs" together with their support ing beams and girders.

For a conventionally reinforced concrete building, walls are economically
designed to resist earthquake forces. When walls are absent or insufficient,
the elevator shafts are reinforced to carry the lateral loads. In either case,
the walls or the shafts serve as so-called "shear walls," acting more in shear
than in bending. In a prestressed building, these elements can be vertically
prestressed to serve as vertical cantilever beams fixed at the foundation and
designed to resist earthquake loads in flexure rather than in shear. An out
standing example was the prestressing of the pylon to carry the earthquake
forces in a 10-story garage [6]. These shafts, when vertically prestressed,
possess high rigidity within the elastic range, and resist moderately heavy
earthquakes with no cracks and small deflections and consequently little damage.
In case of a heavy earthquake, their rigidity decreases as cracks develop so
that they are able to deflect considerably, thus supplying the necessary energy
absorption.

When the shafts can be prestressed to carry the major part of the lateral
loads, the walls and the frames are relieved of their share and may sometimes
be entirely omitted in the building. For other buildings, where the walls or
frames can be prestressed or reinforced to carry the lateral loads, the shafts
may not have to be prestressed.

The high ductility of a prestressed shaft is indicated by a moment-curvature
relationship diagram computed for a 20 ft x 12 ft shaft section, (Fig. 9). bor
this partiCUlar section, the curvature at the start of cracking is 2.4 x 10
radians ~er inch of height, while the curvature at yielding of steel is
14 x 10-. The curvature at ultimate load is 100 x 10-6 , over 40 times the
curvature at cracking. Although these high curvatures are obtainable only
when shear failure is prevented by sufficient stirrups in the webs, they do
indicate that these shafts can be designed to withstand heavy earthquakes.
When the aspect ratio (height-to-width ratio), of a shaft is very low, e.g.,
under 2, the shear deflection of the shaft predominates and the ductility can
be low; but when the aspect ratio exceeds 4, moment deflection will be more
than 5 times the shear deflection" and the shaft is no longer a shear wall but
essentially a cantilever beam.

For a floor slab post-tensioned in place, an excellent horizontal dia
phragm is provided that ties together the various components of the building.
If the slab is post-tensioned in two directions, the concrete, being under
compression, will be able to carry high shear and moment in the horizontal
plane and generally does so without cracking.

For precast elements, on the other hand, careful connections will have to
be designed to tie them together, with a view toward rigidity as well as energy
absorption capacities.
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VI. SEISMIC DESIGN OF PRESTRESSED CONCRETE
MULTI-STORY BUILDINGS

The seismic design of mUltistory buildings of prestressed concrete is
essentially similar to those of conventional reinforced concrete or steel. The
main difference lies in the connections for precast members or in the post
tensioning of the vertical and the horizontal load carrying members. further
more, because of the frequent absence of frame action in prestressed concrete
multistory buildings, their seismic resistance is more dependent on the full
use of the elevator and stairway shafts. Because the nature of their resist
ance is sometimes different from a steel or a reinforced concrete building,
careful analysis is desired to assure proper behavior and safety.

Two problems are paramount: the distribution of earthquake shear forces
among the various vertical resisting elements of a building, and the action of
these elements when subjected to dynamic lateral forces. The shear force dis
tribution is dependent on the elastic properties of the various resisting
elements and is usually analyzed assuming rigid horizontal diaphragms.

Present knowledge of prestressed concrete enables us to design both single
story and multistory buildings for earthquake resistance in a safe and economi
cal manner. Such designs can be made to satisfy both the requirements of
rigidity under moderate earthquakes and the requirements of energy absorption
for the resistance to extra-heavy earthquakes. Other significant points may
be summarized as follows:

1. Post-tensioned floors can serve as excellent horizontal diaphragms to
tie the building together.

2. In order to increase the resistance of prestressed structures to
carry reversal of moments, nonprestressed reinforcing bars may be added at
critical locations.

3. For tall buildings, elevator and stairway shafts, especially if they
are prestressed, can be designed to serve as the main vertical resisting elements.

4. Dynamic analysis should be made of the effect of
buildings, especially those with shear walls and shafts.
stantially different shears and moments in certain floors
the static values obtained from building codes.

earthquakes on tall
It may reveal sub
when compared to

Additional research and development is desirable in the design of joints
for precast members for earthquake resistance. Data are also lacking concern
ing the energy absorption capacity of columns under combined effects of high
moment and shear.

VII . UNBONDED TENDONS

In the authors' opinion, seismic safety can be equally obtained by either
bonded or unbonded construction. However, this has been a controversial issue.
Advocates of bonded construction has pointed to the collapse of the Four
Seasons Apartment Building during the Alaska 1964 earthquake. This five-story
building was almost structurally completed while the earthquake took place. As
is well known, this building collapsed on the ground as a result of the



elevator shaft which failed at the base. It is also well known that the earth
quake produced a lateral force four to five times the code value to which the
overlapping of reinforcing bars at the base of the shaft could not resist.
Since all the bars were spliced at the base, they formed a weak plane which did
not possess sufficient ductility or strength to resist the imposed seismic load.
As a result, the shaft was overturned. During the course of overturning, when
the shaft tilted some 30° from the vertical, the end anchorages of some unbonded
tendons were broken loose while the concrete around the anchorages was twisted
and crushed. These tendons, shaken loose from their anchorages, short out 100'
or 200' across the street. This spectacular event caused a furor among some
engineers raising objections to the use of unbonded tendons. On the other hand,
unbonded tendons remain elastic even after a severe earthquake and their
structures will cost less to repair and they are thus preferred for shear wall
construction.

A lesson learned therefrom has resulted in the development of new bearing
type anchors for unbonded tendons as vs. the old coil-type anchors. The coil
anchors need concrete around them and if the concrete fell off around the coils,
the strands could be released resulting in this shooting phenomena. However,
the new anchors of the bearing type are much better in this respect.

Under seismic loads, unbonded tendons are subjected to a rather small
stress range and remain elastic at all times. This is due to the fact that any
local strain will be spread out throughout the length of the tendon. From
that point of view, the seismic safety of unbonded tendons appears better than
bonded tendons, although this is not an important consideration. It can also
be shown that the stress range at anchorage is quite low so that fatigue is
hardly a problem.

Since this matter of unbonded tendons for seismic regions is a controver
sial issue, an Appendix (A) is attached herewith, entitled "Report on Prestressed
Concrete Members with Unbonded Tendons" by FIP Commission on Seismic Structures.

VIII. CYCLIC LOADING ON PRESTRESSED BEAM COLUMN JOINTS

Only a limited amount of research and construction has been done using
prestressed concrete frames. Most building frames with prestressed precast
members rely their seismic resistance either on shear walls or on conventionally
reinforced concrete frames. An excellent research report titled "Cyclic load
tests on prestressed and reinforced concrete beam column joints," by K. J.
Thompson and R. Park, June, 1976, University of Canterbury, Christchurch,
New Zealand, gives the following conclusions.

1. Beams

The prestressed beams of the test units showed a reduction in strength and
stiffness once crushing of the compressed concrete occurred during the inelas
tic loading cycles, due to the loss of the cover concrete and penetration of
curshing into the core causing a reduction in the area of the concrete section
in the plastic hinge region. Transverse steel in the form of closed stirrups
with minimum concrete cover thickness should be used in such zones to prevent
excessive loss of concrete section. Transverse steel will not prevent the loss
of the cover concrete but closely spaced closed stirrups will minimize the
penetration of crushing into the concrete core between the stirrups. It appears
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that the stirrup spacing should not exceed 4 in (102 mm) or one quarter of the
effective depth of the member.

The flexural capacity at large deformations of the partially prestressed
and reinforced concrete beams were not so influenced by concrete crushing,
mainly because of the presence of compression reinforcement. Such reinforcement
can carry much of the compressive force that was carried by the crushed concrete.
However, compression reinforcement may slip through the joint core due to break
down of bond, particularly if the column section is small and the bar diameter
is large, thus reducing its effectiveness. A limiting bar size as a function
of column size is evidently required in frames subject to intense seismic load
reversals if stiffness and strength degradation due to bar slip is to be pre
vented.

The flexural strength of the beams in the first inelastic loading runs was
up to 16% higher than the theoretical flexural strength, due mainly to the
maximum moment being reached at an extreme fibre compressive concrete strain of
greater than 0.003 and due to confinement of the compressed beam concrete
immediately adjacent to the column face by the column.

2. Columns

In these tests the columns were stronger than the beams and hence were not
critical elements, apart from in the joint core regions.

3. Joint Cores

The shear reinforcement of the beam-column joint cores had been designed
according to the method of Appendix A of ACI 318-71. In this method the
horizontal shear induced in the joint core by the beam forces and the column
shear is assumed to be carried by a mechanism involving the concrete (aggregate
interlock, etc.) and the hoops (truss action), in a similar fashion to shear in
structural members. The beams of the test units all reached at least 95% of
their theoretical flexural strength in the first inelastic loading run in each
direction, accompanied by yielding of joint core hoops in some units. For those
units in which the hoops yielded further load cycles resulted in a degradation
of the joint core shear strength. For those units the strength of the joint
core then governed the strength of the unit and the greater part of the inelas
tic deformation of the unit then occurred in the joint core. Thus although the
ACI 318-71 approach for joint core shear design allowed the attainment of the
design shear strength satisfactorily in the first inelastic loading cycle,
degradation of the joint core shear strength occurred in some units in subse
quent inelastic load cycles because of large alternating diagonal tension cracks
in the joint core due to yielding of hoops leading to a breakdown in the concrete
shear resisting mechanism. In the units with nonprestressed longitudinal steel
in the beams, joint core shear failure was also encouraged in the subsequent
inelastic load cycles by the introduction of beam compressive forces into the
joint core mainly by bond. Those units with no central tendon passing through
the joint core failed in the joint core even though the shear reinforcement
satisfied the requirements of ACI 318-71. Thus a reasonable level of prestress
and a central tendon is desirable.

The critical diagonal tension crack was observed to run from corner to
corner in the joint core and on this basis it would appear reasonable to provide



sufficient horizontal shear reinforcement in the joint core to carry the design
shear force across this crack. In seismic design the contribution
of the concrete to the shear strength should be neglected due to the degrada
tion of its contribution during reversed loading.

It has also been reported previously that vertical reinforcement spaced
around the perimeter of the column section in the joint core acts as shear
reinforcement and contributes to the truss action in the joint core, thus
improving the joint core shear behavior. A practical method of providing this
vertical shear reinforcement is to ensure that the longitudinal reinforcement
in the column is spread around the perimeter of the column, and is not just
placed at the corners of the section. It may be that neglecting the contribu
tion of the concrete (assuming V c = 0) is conservative when either the column
contains bars around the perimeter of the section, or when the column axial
load is high, or when the joint core is crossed by several prestressing tendons
down its depth, or when the beams enter the column on all four faces. Further
tests are required to establish the influence of these variables.

4. Energy Dissipation

All units showed considerable energy dissipation once the maximum moment
capacities had been reached. As expected, even after extensive inelastic
deformations had been enforced, the prestressed concrete beam showed considerable
ability to recover. The ordinary reinforced member showed greater energy dissi
pation than the partially prestressed member. However comparisons between these
specimens are difficult because the inelastic deformations from some units came
mainly from the beam plastic hinges, and in others from the shear deformations
of the joint cores.

5. Repair

Repairs made to a prestressed beam by replacing the damaged beam concrete
showed that it is possible to repair damaged members. Reparis to untis with
extensive damage to joint cores would have been much more difficult if not
impossible to carry out, however.

IX. JOINTS FOR PRECAST, PRESTRESSED CONCRETE STRUCTURES
IN SEISMIC REGIONS

The FIP Committee on Seismic Structures under the direction of Dr. Shunji
Inomata has a report drafted and almost ready for publication on the subject
of "Examples of Joints for Precast, Prestressed Concrete Structures in Seismic
Regions." In this booklet, details of joints, which are being used for actual
design in seismic regions, are complied. These joint details have their own
merits and demerits from the viewpoint of earthquake resistance and construc
tion work.

These examples of joints are arranged in the following categories:

1. Foundation - Column.
2. Column - Girder.
3. Column - Column.
4. Girder - Girder.
5. Girder - Beam.
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6. Beam - Wall.
7. Beam - Slab.
8. Girder - Slab.
9. Slab - Slab.

In addition, explanatory notes of each detail are itemized as follows:

1. Construction method.
2. Special features of the detail.
3. Matters that demand special attention.
4. Mechanical properties of the joint.
5. References, of which 63 are listed.

Since the examples are too many to reproduce, only a few are included as shown
in the following.
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Column - Column
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APPENDIX (A)

REPORT ON PRESTRESSED CONCRETE

MEMBERS WITH UNBONDED TENDONS

INTRODUCTION

Failure of the Four Season Apartment building during the 1964 Anchorage
earthquake, raised a serious difference of opinion among engineers whether or
not bonded tendons are required for satisfactory seismic behavior. Doubt about
the safety of unbonded tendons still exists among many engineers and the
unbonded tendons are prohibited in some countries to be used for prestressed
concrete structures. The main reason will be the doubt about the safety against
fracture of the tendon-anchorage assembly under the action of cyclic loading.
The fracture of the tendon-anchorage assembly results in a brittle failure of
unbonded post-tensioned members, and in some cases the complete collapse of the
structure. The unbonded prestressed concrete members would be dangerous, if
due attention is not paid to the design and construction.

The FIP Seismic Commission, at the beginning, had a preference for the
bonded tendons for aseismic structures, as stated in the reports submitted to
the FIP fifth and sixth Congress. Although discussions concerning seismic
behavior of the unbonded prestressed concrete structures at the Commission
meeting held in New York during the seventh FIP Congress, 1914, have not provided
a consensus, it was pointed out that many unbonded prestressed concrete flat
plates have been constructed in U.S. and Canada, because of economic and con
struction considerations. These considerations include, (1) friction losses
during stressing, (2) protection of tendons against corrosion during construc
tion and (3) problems associated with grouting procedures for large numbers of
tendons in small diameter ducts.

The FIP Seismic Commission had decided for reconsidering the problems of
the unbonded tendons. It was thought opportune to begin by preparing a report
which is a supplement to the FIP Recommendations for Design of Aseismic Pre
stressed Concrete Structures, and could provide the engineers with a useful
guidance and information on the unbonded tendons.

CORROSION PROTECTION

For bonded tendons, the prestressing steel is normally protected by grout
injected into the ducts after completion of prestressing operation. For
unbonded tendons, the prestressing steel should be coated over the entire
length, with a special material, which ensures a permanent corrosion protection.
If necessary, the tendons coated against corrosion are sheathed or wrapped with
adequate materialS such as plastic tube or watertight paper strip for slippage
and protection of the coating during construction.

Anchorages should be adequately and permanently protected from corrosion.
The anchorages can be encased in concrete or be completely coated with a corro
sion-resistant material. The prospective measures shall in every case prevent
the entrance of water or aggressive agents.



The tendons coated with protection materials, sheathed for slippage and
protection of the coating, are generally cast in concrete. Therefore the
unbonded coated tendons remain free from corrosion, because of an excellent
protective quality of the concrete. However, as emphasized by R. Park, severe
doubt about the effectiveness of the coating with time will remain, if the
environment is particularly aggressive. The confident use of the unbonded
tendons coated with protection materials would depend on the evidence being
available to ensure that the coating remains effective for the life of the
structure, and that the tendons are effectively protected at the anchorages.

U.S. and Canada have successful experiences for ten or more years, on the
use of coated unbonded tendons, in flat plate constructions. In Japan several
structures such as crane girders, piles and retaining walls were prestressed
with the unbonded tendons, and satisfactory performance of the protective
coating materials has been proved to be effective for several years.

H. Muguruma carried out several tests on the prestressed concrete beams
exposed to sea-water. The concrete beams, 10 x 20 cm in cross-section and
100 cm in length were post-tensioned with unbonded prestressing bars of 9.2 mm
in diameter. The initial prestress given to the bar was 94 kg/mm2 , which
corresponds to 65% of specified ultimate strength. The prestressing bars were
coated with bitumastics in three different thickness, that is, a (no coating),
0.1 mm and 1.0 mm. An opening of 5 x 10 cm was made at the center of the beam,
in order to expose the tendons directly to given environments. Five year test
results showed that no corrosive rust was found on all the coated prestressing
bars, even in the tidal sea water, while the prestressing bars not coated were
fractured after 3 month exposure to the same condition.

Further informations and long-term tests should be necessary to ensure
the effectiveness of coating materials.

Coating Materials

The FIP Guides to Good Practice and the ACI-ASCE Committee 423 report on
the unbonded tendons require the following properties of the coating materials;

1) Remain free from cracks and not become brittle or fluid over the entire
anticipated range of temperatures. In the absence of specific require
ments, this is usually taken as _20°C to 70°C.

2) Chemically stable for the life of the structures.

3) Non-reactive with the surrounding materials such as concrete, tendons,
wrapping or ducts.

4) Non-corrosive or corrosion-inhibiting.

5) Impervious to moisture.

The coating materials may be bitumastics, asphaltic mastics, greases, wax,
epoxies or plastics. The minimum coating thickness will depend on the
particular coating material selected but it should be adequate to ensure full
continuity and effectivenss with a sufficient allowance for variations in
application.
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Tests on Properties of Coating Materials

The following tests should be carried out to know the properties of
coating materials;

1) Viscosity at a normal temperature

2) Flash point and softening point at a high temperature

3) Flow at an anticipated high temperature (Say 80°C)

4) Cracking of coating at a low temperature (Say -30°C)

5) Corrosion protection capability

6) Anti-acid and anti-alkalin capability

The methods of testing should be specified in each country. The viscosity of
coating materials is usually measured by the standard needle penetration test
ing and the most adequate value seems to be 80 to 120 rom. In order to test the
corrosion protection capability, an accelerated testing method could be applied
by spraying five percent NaCl solution on the coated surface of a steel plate
at a temperature of 35°C. The tests performed in Japan showed that the coating
material, now widely used for the most part, could remain without showing any
trace of rust for 20 days or more. These test results are thought to be satis
factory to prove the long-term performance of coating materials. However, it
should be remarked that these tests could be used to make a comparison between
the qualities of two coating materials and could not be thought to be always
appropriate for predicting the long-term performance.

TENDONS

Static Tests of Tendon-anchorage Assembly

When an assembly consisting of the tendon and anchorage is statically
loaded, the test assembly shall be capable of developing without failure 95%
of specified minimum ultimate tensile strength of the corresponding prestress
ing steel, or calculated tensile stress in the bonded tendons at the critical
section under the flexural failure moment, whichever is greater. The total
elongation of assembly should not be less than 2% measured over not less than
a 3 m gage length. The tendon should elongate appreciably to avoid the
possibility of a brittle failure.

It is required to verify the static strength and the ductile failure of
the tendon-anchorage assembly, by measuring the total elongation under the
static loading.

The FIP Guides to Good Practice requires that the ratio between the maximum
force the tendon-anchorage assembly is capable of sustaining, and the actual
ultimate tensile strength of the tendon itself shall be at least 0.95. Pre
mature failure of the anchorage and anchorage components must be precluded with
certainty. The total strain of the prestressing steel before failure of the
anchored tendon must be at least 2%.
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When a bonded prestressed concrete beam is loaded, the change in strain
in the tendon at the section of maximum moment is equal to the change in strain
in the adjacent concrete. The increase in stress in a bonded tendon therefore
depends on the local deformations at the section of maximum moment. In the
case of an unbonded prestressed concrete beam, the change in strain in the
tendon is equal to the average change in strain in the concrete adjacent to
the tendon over the whole length of the tendon. As a result, the strain in an
unbonded tendon, when the concrete develops its ultimate strain at the compres
sion face, is less than would be the case if the tendon were bonded to the
concrete. Therefore the tensile stress in an unbonded tendon cannot exceed
that in a bonded tendon at the section of maximum flexural failure moment.

Warwaruk, et al. proposed the following equation for the stress in the
unbonded tendon at ultimate state.

f su

where f se effective prestressing stress

f c cylinder compressive strength of concrete

p ratio of prestressing steel.

ACI 318-63 gives the following equation for f su '

f = f + 1055 (kg!cm2 )su se

Mattock, et al. proposed the following empirical equation for estimating
the steel stress in the unbonded tendon at failure state.

1.4fc I 2
f su = f se + lOOp + 700 (kg/cm )

but not greater than the yield strength of the tendon.

Pannell proposed the following design method.

MU/Ubd
2

= ~(i - ~)

qe + 11

~ 1 + 2A

u

calculated ultimate moment of resistance

crushing strength of 150 mm Cube (N/mm2)
pOf

su
u

pOf
=~qe

M
u

u

where

pdE °Es cu
uL - 7000pd/uL
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€cu limiting strain at which concrete crushes

L length of tendon from anchorage to anchorage

f su < 0.85 x ultimate strength of prestressing steel

Miyamoto, et al. estimated the compatibility factor, the ratio of increase
in strain in steel to the increase in strain in concrete at the level of steel
at the region of maximum moment, from the static loading tests on 24 unbonded
prestressed concrete beams. The value of the compatibility factor, f, depends
on the surface condition of the prestressing bar, as follows;

f = 0.4 - 0.6 for the prestressing bars coated with epoxies or
bitumastics,

f

f

0.2

1.0

for the prestressing bars placed in metalic
sheath without coating,

for the bonded prestressing bars.

According to Mattock's equation, the ultimate steel stress change in the
unbonded tendon can be 10.5 kg/mm2 for heavily reinforced member and 56 kg/mm2

for lightly reinforced member. These values correspond to the tensile stress
from 125 kg/mm2 to 168 kg/mm2 for a common post-tensioning strand with an
effective stress of 90 kg/mm2 , and this range represents 67 and 90% of the
ultimate strength of the strand. In the light of this fact, Bondy stated in
his report that it seems reasonable to require the tendon-anchorage assembly
to develop 95% of the ultimate strength of the prestressing steel. Bondy dis
cussed also on the maximum elongation, refering to his numerical calculation,
and stated that 1.5% elongation at the design ultimate moment would be suffi
cient, except for the particular caSe of extremely lightly reinforced members,
as given in Mattock's report in which 1.9% elongation was expected.

Considering the above mentioned facts, the total ultimate elongation was
tentatively specified as 2%, however further investigations would be desirable
to specify more reliable value.

Dynamic Loading Tests with Tendon-anchorage Assembly

The anchorage of a tendon in a prestressed concrete member can be sub
jected to small cyclic load variations. These can be of importance in certain
cases, e.q. in unbonded tendons or in bonded tendons if the anchorage is
located in a zone where externally applied loads create changes of stress.
Thus, the tendon-anchorage assembly must be capable of resisting cycles of
repeated load variations.

The FIP Guides to Good Practice requires that the tendon-anchorage assembly
must be able to withstand 2 million cycles of repeated loading with an amplitude
of 80 N/mm2 to an upper stress limit of 65% of the characteristic strength of
the prestressing steel. The tests shall be performed in a tensile testing
machine with the pulsator at a constant load frequency of not more than 500
load cycles per minute and with a constant upper load of 65% of the characteristic



strength of the prestressing steel. Where the capacity of the available test
ing machine is exceeded, the number of wires, strands or bars in the tendon
anchorage assembly to be tested comprising all prestressing steel in the tendon.

In addition to the above minimum reQuirement, the anchorage must also be
able to sustain, to a certain extent, exceptional effects, such as an increase
of temperature in case of fire, repetitive and significant change of tendon
force due to earthQuake, etc. However, no testing methods are g~ven in the
FIP Guides. -

ACI-ASCE Committee 423 report on unbonded tendons recommends the following
reQuirements. The test assembly shall withstand without failure 500,000 cycles
from 60 to 66 percent of its specified ultimate strength and the following
additional requirements should be satisfied for unbonded tendons used for struc
tures subject to earthquake loading. The test assembly shall withstand without
failure a minimum of 50 cycles of loading corresponding to the following
percentage of the minimum specified ultimate strength:
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x 100 60+~
- 1 + 30

where t:,r;
s

stress amplitude in steel

f su specified ultimate strength of prestressing steel

1 length in meters of the tendon to be used in the
structure.

Miyamoto, et al. carried out fatigue tests on the unbonded prestressed
concrete beams which were 20 x 38 cm in cross-section and 450 em in length.
The prestressing bars were coated with bitumastics. The steel strains were
measured at the regions of the maximum moment and the both ends of the tendons.
The test results showed that the change in strain decreases at the region of
the maximum moment, while the change in strain increases at the both ends of
the tendons, so long as the number of cyclic loading is less than 1/3 of that
corresponds to the fatigure failure of the beam. After that number of cycles,
the strains in the tendon increased at the region of the maximum moment and
the both ends of the tendon. The difference of the strains in tendon between
that at the region of the maximum moment and that at the both ends, was given
as: (0.5 - 0.7) x (Change in strain at the region of the maximum moment)
and was nearly equal to the compatibility factor for the beam subjected to
repeated loading up to the decompression state.

Muguruma carried out the tests on 44 unbonded and bonded prestressed
concrete beams subjected to repeated loading up to 60 to 90% of static ultimate
moment. The changes in steel stress at the region of the maximum moment were
from 4.4 to 17.5 kg/mm2 for the unbonded beams and were from 8.8 to 26 kg/mm2

for the bonded beams. The test results showed that almost all the beams failed
due to the crushing of compression fiber of the concrete, and no specific
difference between the fatigue strengths of the unbonded and the bonded beams
was not recognized. The test results also showed that the beams whether they
are bonded or unbonded could withstand, without failure, 150cycles of maximum
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load of 90% of static failure load and the beams could resist 2 million cycles
of repeated loading of 65% of static failure load.

Brondum-Nielsen found that the unbonded beams could withstand about 2
million cycles of repeated loading with 5.5 kg/mm2 stress amplitude in the
steel, while the number of cycles of repeated loading until the beams failed
became smaller when the stress amplitude in the steel was increased up. to
7.6 kg/mm2 . This failure of the beam was attributed to the low fatigue strength
of the anchorage.

Chung drew a conclusion from the tests results carried out on 23 unbonded
beams subjected to 2 million cycles of repeated loading, that most existent
anchorage systems can withstand without failure more than 2 million cycles of
repeated loading with a stress amplitude which is usually expected under
serivce load.

The requirements of the FIP Guides to Good Practice and of the ACI-ASCE
Committee 423 report are not always realistic about the real change in stress
in unbonded prestressing steel under the service load. The change in stress
in unbonded prestressing steel is always smaller than that in bonded prestress
ing steel. The 500,000 cycle fatigue test specified in the ACI-ASCE Committee
423 report and 2 million cycle fatigue test specified in the FIP Guides to
Good Practice, would be unrealistic for the unbonded tendons, however suffi
cient data do not yet exist which can establish a lower bound for this test.
Until such data are developed, it is recommended that the present specifica
tion of the FIP Guides to Good Practice be used, as far as the dynamic tests
with tendon-anchorage assembly are concerned, in order to avoid any fatigue
failure of the unbonded prestressed concrete structures.

The ACI-ASCE specification on the 50 cycle dynamic test for tendons in
seismic zone, corresponds to the stress range between 40 and 80 percent of
the ultimate steel strength for the extreme case (1 = 0). This means the
average load is 60% and the amplitude is 40% of the ultimate strength of the
tendon. When an unbonded beam is subjected to static loading until the flexural
failure, the maximum possible increase in unbonded tendon force will be less
than 23% of the ultimate strength of the tendon, as stated in 3.1. Therefore,
it could be thought that if alternate equal positive and negative moment acts
on an unbonded member during an earthquake, the maximum possible change in the
tendon force will be less than two times the above change expected under static
loading. Therefore this specification covers almost the entire possible tendon
stress range, and also 50 cycles between 40 and 80 percent approximates a
reasonable number of seismic cycles.

However, it is necessary to establish more reasonable dynamic tests which
can be representative for the actual behavior of unbonded tendon-anchorage
assembly during the earthquake motions.

DESIGN CONSIDERATIONS

Minimum Average Prestress

Unbonded prestressed slabs and rectangular beams having a smaller average
prestress than the modulus of rupture become flexurally unstable at the crack
ing load. Such a low value of average prestress is not likely to be specified



beams, but can occur relatively often in slabs and flat plates. To avoid a
sudden collapse of unbonded prestressed structures at excessive live loads and
especially earthquake loads, the minimum value of average prestress in rectan
gular sections must always be substantially higher than the modulus of rupture
which is the maximum calculated tensile stress at carcking in plain concrete
beams subjected to flexure. The calcualtion of the tensile stress at cracking
is based on the assumption that the stress distribtuion is linear. Although
this assumption is not correct and introduces an error, the cracking moment
capacity of a prestressed beam can be readily calculated by making the maximum
tensile stress in the beam equal to the modulus of rupture.

In the case of bonded beams, cracking of the concrete causes only a gradual
decrease in the slope of the load-deflection curve. Some unbonded beams,
however, exhibit a sudden decrease of the load capacity at cracking, and the
load capacity does not recover even after a significant increase in deflection.
In order to avoid such a sudden decrease of the load capacity, the minimum
average concrete prestress shall be specified or the minimum amount of the
additional bonded steel shall be specified.

Rozvany, et al. demonstrated both theoretically and experimentally the
unbonded prestressed concrete slabs and rectangular beams having a smaller
average prestress than the modulus of rupture became flexurally unstable at
the cracking moment.

Amount of Bonded Reinforcement

In most beams in which the unbonded tendons were the only flexural rein
forcement in the beams, if the tendons do not come into contact with the beam
between the anchorages, a single wide crack will form at the section of maximum
moment. After cracking, the beam behaves as a shallow tied arch, rather than
as a flexural member. The crack increases rapidly in width and depth as the
load increases. Such cracks usually fork at their upper ends. The deflection
increases rapidly after cracking. If the tendons come into contact with the
beam between the anchorages, then additional cracks will usually form.
However, these cracks are normally few in number and still open much more
rapidly than do cracks in bonded members, and sometimes a premature brittle
failure of compressive concrete is observed in the unbonded member.

The undesirability of such behavior could be avoided by placing additional
bonded unprestressed reinforcement to control cracking. It was founded that
quite a moderate amount of additional bonded reinforcement resulted in crack
widths and spacings similar to those found in bonded prestressed concrete
beams. In addition, the stiffness of the beam after cracking and the ultimate
strength were also increased.

ACI 318-71 requires some bonded reinforcement to provide in the recom
pressed tension zone of flexural members where the prestressing steel is
unbonded. For beams and one-way slabs ACI 318-71 requires a bonded steel
area of either Nc/O.5fy or 0.004A, Whichever is larger, where Nc = tensile
force in the concrete under load D + 1.21, D = service load, 1 = service live
load, f y = yield strength of the nonprestressed reinforcement but not greater
than 420 N/mm2 , A = area of that part of the cross-section between the tension
face and the center of gravity of the gross section. For two-way slabs,
ACI 318-71 requires the bonded steel content to be as for one-way slabs,
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except that a lesser amount may be placed when there is not tension in pre
compressed tension zone at the service load.

The ACI-ASCE Committee 423 report on flat plates, which is intended as a
supplement to the part of ACI 318-71 dealing with flat plates does not require
non-prestressed bonded reinforcement in both positive and negative regions
when the concrete tension does not exceed a specified value.

Mattock, et al. carried out comparative tests on bonded and unbonded beams
and showed that if the minimum amount, 0.4%, of additional bonded reinforcement
is provided, then an unbonded post-tensioned member will behave as a flexural
member subject to a combination of transverse and axial forces and also the
distribution of the cracks was as good as, or better than, the distribution of
the cracks in the bonded member.

A prestressed concrete member with bonded tendons has a greater flexural
strength than the equivalent member with unbonded tendons. Typically, the
difference in flexural capacity between otherwise identical members may be
10 - 30%. The difference is because unbonded tendons can move relative to
the concrete between the anchorages, and hence local concentrations of strain
cannot build up in the steel at critical sections. The increase in steel
strain will tend to occur uniformly over the length of the tendon and result
in a relatively small increase in steel stress, as stated in 3.1. When
necessary the flexural capacity of a member with unbonded tendons can be
increased by the addition of non-prestressed bonded reinforcement to the
section.

Muguruma pointed out from the test results on unbonded beams that the
difference in the flexural capacity between the bonded and unbonded beams
remains approximately constant, if the ratio, h/l, is greater than 1/12, where
h = height of beam, 1 = span length, while the difference diminishs in pro
portion to increasing h/l, when the ratio, h/l, is smaller than 1/12. There
fore, for slabs or flat plates the ultimate flexural strength can be easily
increased by the addition of relatively small amount of non-prestressed bonded
reinforcement. The unbonded beam having no additional bonded reinforcements
showed larger deflection than does the bonded beam, after the ultimate moment
was reached.

Ductility

The unbonded beam reaches the flexural strength at a greater deflection
owing to its smaller neutral depth, when compared with the equivalent beam with
bonded tendons. This smaller neutral depth results in greater curvature when
the concrete commences to crush. It should be noted that had more prestress
ing steel been present in the unbonded beam at the same effective depth, so
that the flexural strengths of the bonded and unbonded beams were identical,
the ultimate curvatures at the critical sections of the bonded and unbonded
beams would be similar due to the similar neutral axis depths. Instead of
increasing the amount of the unbonded tendons, the addition of non-prestressed
bonded reinforcement to the section can give the same results. Therefore, it
is advisable to design the unbonded section in which the following condition
is satisfied.
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where f = steel stress in unbonded tendon at failure of section.pu

Mattock, et al. stated that the ductile behavior of the unbonded beam was
to be expected, unless the amount of bonded reinforcement is not excessive.

Nawy, et al. investigated moment-rotation relationships of non-bonded
post-tensioned I and T Beams. This study investigated the possibility of
increasing the rotational capacity of members by introducing continuous rec
tangular spiral binders at the critical sections of the beams. There was an
increase in elastic rotation capacity with increase in the percentage of
spiral binders, and an optimum percentage not too far in excess of 2% seemed
to exist. The curvature distribution was measured to evaluate the equivalent
plastic hinge length and because of high value of localized strain and curva
ture near the plastic hinge, the equivalent plastic hinge length was small.

More investigations should be carried out on the estimation of the
equivalent plastic hinge length for unbonded prestressed concrete members.

Other Factors

In a structure with unbonded tendons, continuous over several spans, the
failure of one span may result in the release of the prestressing force along
the whole length of the tendons. Such an event could lead to the collapse of
the whole structure. Consideration should be given to the consequence of such
failure in any specific span to the overall stability of the structural system.
One consideration would be to use reduced tendon lengths between anchorages or
tendon couplers capable of acting as intermediate anchorages.
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INTRODUCTION

The use of prestressed concrete components has been widely accepted
for many years for structures carrying gravity loading. The applications
of prestressed concrete to such structures has increased rapidly,
encouraged by such advantages as the possibility of pleasing architectural
forms, and the suitability of prestressed concrete to prefabricated
construction. However the use of prestressed concrete in primary seismic
resistant elements such as shear walls and frames has not met with the
same acceptance. Part of this caution in the use of prestressed concrete
has been due to the paucity of experimental and theoretical studies of
prestressed concrete structures subjected to seismic type loading. However
in recent years more research studies have been reported in this area. A
survey of the research which has been conducted on the resistance of
prestressed concrete was published in 1970 [1]. More recent research
information has been presented at the FIP Symposium on Seismic Structures
[2] which was held in Tbilisi, USSR, in 1972. A summary of the papers of
the Tbilisi symposium is contained in a report of the FIP Commission on
Seismic Structures which was presented to the 7th Congress of the FIP in
New York in 1974 [3].

In the past there has also been a lack of detailed building code
provisions for the seismic design of prestressed concrete. For example,
the building code of the American Concrete Institute, ACI 31B-71 [4]
contains special provisions for the seismic design of reinforced concrete
structures but does not have corresponding provisions for prestressed
concrete structures. This is also true of the Uniform Building Code [5],
the SEAOC Code [6], and the first draft of the seismic design provisions of
the Applied Technology Council [7]. However updated seismic design
recommendations based on available research information are currently
being prepared by the Commission on Seismic Structures of the FIP [B].
Also, the Seismic Committee of the New Zealand Prestressed Concrete
Institute has recently prepared a set of design recommendations [9] and
the New Zealand Standards Association is drafting seismic design
recommendations for prestressed concrete.

This paper briefly reviews background studies of seismic design
procedures for prestressed concrete structures and comments on possible
building code recommendations.



EARLY USES AND STUDIES OF PRESTRESSED CONCRETE IN
PRIMARY SEISMIC RESISTANT ELEMENTS

In 1955 Ellison and Lin [10] and Engineering News Record [11]
reported the construction of a 9-storey car parking building in San
Francisco, in which the key element in resisting seismic forces was a
prestressed concrete shear walls near one corner. The bottom 40 ft (12.1 m)
of the shear wall was prestressed, the amount of prestress being determined
by the condition that no tensile stress should be created in the shear wall
under seismic loading, determined from the equivalent lateral loading found
on the basis of a 6% seismic coefficient. The tendons were not bonded to
the concrete. At this stage of development the availability of post-elastic
deformations, which subsequent research demonstrated was important, was not
considered.

In a paper presented to the World Conference on Prestressed Concrete in
1957, Ban [12] commented that in Europe studies to obtain a reasonable
building frame appropriate for prestressed concrete structures had been
undertaken, and several multistorey office buildings had been completed
there. The frames were composed of reinforced concrete columns and
prestressed concrete beams. Ban went on to say that the prestressed
concrete structures encountered were mainly built up with precast members,
the joints of which were considered to be simply supported or hinged.
However he advocated rigid connection between the beams and the columns in
order to resist lateral load. One method of framing multistorey buildings
was to assemble prestressed concrete beams and reinforced concrete columns
with a reinforced concrete joint. Ban introduced his own proposals for
extending the prestressing tendon through to the column and hence placing
the whole joint in compression. His scheme was the forerunner of modern
precast prestressed beam-column connection details.

In the early 1960's a philosophy of seismic design of concrete
structures came to be accepted. Design requirements were that under a
moderate earthquake such as may be expected several times during a
structure's life, it should survive without damage, and that it should
survive without major structural damage in the most severe probable earth
quake expected during its life. A further condition is that the structure
should not collapse even under earthquake loading of an abnormal intensity.
However authorities differed as to the ability of prestressed concrete
structures to fulfil these requirements. While Lin [13] was enthusiastic
about its suitability, Glogau [14] and others advocated caution in its use.

The publication of Lin's 1964 paper [15] was a stimulus to the debate.
He discussed several important aspects of seismic design of prestressed
concrete structures. He discussed the special case of allowable stresses
and load factors for prestressed concrete. He showed that for a working
stress design method it was appropriate to take three quarters of all
moments, loads, and shears from seismic loading, and then use normal working
stresses. This approach was equivalent to the normal 331% allowable stress
increase for seismic loading. He also considered the ultimate strength
method and showed that load factors stated in codes were consistent with the
one-third decrease allowed in static load values under dynamic conditions.
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The results of some tests studying the energy absorption capacity of
prestressed concrete members were presented. Lin noted that this energy
absorption capacity was important if structures were to withstand severe
earthquakes. Moment-rotation curves were plotted for tests to failure of
prestressed concrete beams in bending. The large area beneath the curves
was taken to be indicative of high available energy absorption. Of
particular interest in the paper was the result of a dynamic computer
analysis of a 19-storey prestressed concrete apartment building. The
building was first designed using the static equivalent earthquake forces
specified by the 1961 Uniform Building Code. The dynamic response of the
structure to the North-South component of the 1940 El Centro earthquake was
calculated by a digital computer assuming linear-elastic behaviour. The
fact that the El Centro earthquake produced forces and displacements about
five times the Code values emphasized the need for prestressed structures
to be capable of developing large post-elastic deformations if they were
to be able to survive major earthquakes.

D.formation
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Idealized Load-Deformation
Relationship, for
(A) Prestressed Concrete and
(B) Reinforced Concrete, [16]

Load

Load

Fig. 1

In discussing Lin's paper Rosenblueth [16] warned against establishing
conclusions based only on the curve for fi·rst loading. He illustrated the
significance of the shape of the unloading force-deformation curves using
the two diagrams shown in Fig. 1. Respectively, they represent a nonlinear

elastic system and a classical
elasto-plastic one, both having
the same force-deformation curve
for critical loading but with
the prestressed concrete load
deformation loop showing zero
energy dissipation (i.e. zero
hysteretic damping). He
demonstrated that the two types
of structure considered although
characterised by the same force-
deformation curve on first
loading, could undergo, on the
average, maximum loads- for a
given deformation or maximum
deformations for a given load,
that were significantly greater
for type A than for type B.
Rosenblueth did not contend that
prestressed concrete structures
could be exactly idealized as of
type A, but felt that the shape
of their force deformation curves
relative to their reinforced
concrete counterparts and their
lower damping characteristics,
meant that for a comparable mass
and stiffness a prestressed
structure was likely tO,give
greater deformations or be
called to resist higher forces,
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than a reinforced concrete structure, under most types of strong earth
quakes. He also noted that in fact to resist a given set of forces, a
prestressed structure would normally be more flexible than its reinforced
counterpart. This flexibility would partly counteract the effect of
smaller energy dissipation capacity under cyclic loading.

Sutherland [19], Nakano [20]
and Zavriev [21] also presented
papers on the seismic resistance
of prestressed concrete to the
Third World Conference on Earth
quake Engineering. Zavriev' s
paper reported some large scale
investigation of seismic
behaviour of prestressed concrete
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One of the most important topics discussed during the papers on
prestressed concrete at the Third World Conference on Earthquake Engineer
ing in 1965 was that of energy absorption. Guyon [17] stated that "neither
theoretically nor experimentally is the energy absorption at failure for
the same cross section, the same concrete and the same ultimate moment,
smaller for prestressed concrete than for reinforced concrete."
Despeyroux [18] emphasized this same point. The energy stored per unit
of length can be written as the product of moment and curvature and hence
the area under the moment-curvature curves for prestressed concrete and
reinforced concrete give an indication of their energy absorption
capacities. Despeyroux concluded that there was no reason for the area
under the curve for prestressed concrete to be systematically smaller than
for reinforced concrete and could in fact be the contrary. However the
critical factor affecting the response of a structure under earthquake
acceleration cycles is not the energy absorption capacity of its members but
rather their energy dissipation characteristics, as was emphasized by
Rosenblueth [16]. In the discussion of Despeyroux's paper Candy
illustrated this point with Fig. 2. Cyclic loading tests have given curves

for the two materials approx
imately as drawn. The shaded
area represented the energy
dissipation; the area up to the
dashed line represented the
energy absorbed. Thus although
the energy absorbed by a
prestressed member and a
reinforced concrete member may
be the same, very much more
energy would be dissipated in the
latter member and thus the
response of the latter to an
earthquake must be smaller. He
concluded that the reduction in
response caused by plastic
strain is much smaller in
prestressed concrete.
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bridges in the Soviet Union. He felt that the use of prestressed concrete
in seismic resistant structures was expedient. Under moderate earthquakes
the resistance to plastic deformations would result in little damage to
structures and he felt that under heavy earthquakes the behaviour of
prestressed concrete sec~iohs would be similar to that of reinforced
sections, thus eliminating the characteristics of prestressed concrete
which increase dynamic loads.

Since 1965 there have been many studies published on the seismic
resistance of prestressed concrete, notable among these being those
presented at the symposium of the Federation Internationale de la
Precontrainte (FIP) on Seismic Structures held at Tbilisi, USSR, in 1972
[2]. The report of the FIP Commission on Seismic Structures to the
Seventh Congress of the FIP in New York in 1974 [3] has summarized recent
research into the behaviour of prestressed concrete structures subjected to
earthquake loading.

FIP RECOMMENDATIONS FOR THE DESIGN OF SEISMIC RESISTANT
STRUCTURES

The FIP Commission on Seismic Structures has presented recommendations
for seismic design to FIP Congresses since 1966. The recommendations have
recently been updated by the Commission and the third draft circulated among
Commission members in 1976 [8] is close to the final version which will be
available for the 1978 Congress in London. The form of these recommend
ations has recently been discussed by the chairman of the Commission,
S. Inomata [22]. The main points of the recommendations are summarized
below.

Seismic Analysis

Equivalent static loads or dynamic analyses may be used to determine
the design actions. The seismic loading may be considered separately
along the two principal axes of the structure, except that columns, beam
column joint cores, walls and foundations which are part of a structure
with a two-way beam system should be designed to withstand the actions
induced by the most unfavourable combinations of load effects in both
directions, considering the fact that the earthquake may act in any
direction.

Limit States for Seismic Loading

Generally limit states at two earthquake load levels should be consider
ed: a moderate earthquake limit state and a severe earthquake limit state.
For particularly important structures it may also be desirable to consider
an excessive earthquake limit state. The earthquakes can be stated in
terms of expected frequency of occurrence (i.e. the return period) as
follows: moderate, 10 or 20 years: severe, 50 or 100 years; and excessive,
200 or 500 years.

At the moderate earthquake limit state the concrete may crack but the
strain in the tendons should not exceed the initial tensile steel strain at
that section at the time of prestressing or the limit of proportionality of
the steel, whichever is greater.



At the severe earthquake limit state the structure should be safe
from collapse. In general the structural elements of frames should be
capable of dissipating seismic energy by the formation of a significant
number of plastic hinges in the structure having adequate ductility. All
forms of brittle failure should be prevented.

The excessive earthquake limit state should be applied to particularly
important structures.

Flexural Ductility

suitable precautions should be taken to ensure suitable plastic hinge
positions and adequate plastic hinge rotation capacity under severe or
excessive earthquake loading. The following factors affecting ductility
should be taken into account at potential plastic hinge sections: at the
design moment the neutral axis depth should not exceed 0.25 of the overall
depth of the section, at positions of moment reversal tendons should be
placed near both extreme fibres rather than axially only, confinement of
concrete should be provided, and the design moment of the section should be
at least 1.3 times the cracking moment. Note should be taken that the
presence of axial compressive load decreases the ductility of flexural
members.

Shear Capacity

In calculating the design shear force the plastic hinge moments should
be determined considering the possible overstrengths of the materials
because enhanced levels of flexural strength will be accompanied by enhanced
shear forces. The enhanced plastic hinge moments could be taken as 1.15
times the flexural capacities calculated on the basis of the characteristic
strengths of materials. Cyclic loading causes a reduction in the effective
ness of the concrete shear resisting mechanism and hence in plastic hinge
zones all the design shear force should be carried by the web reinforcement.

Bonded and Unhonded Tendons

Prestressing ducts in flexural members of a ductile structural frame
should preferably be grouted. In roof or floor systems not contributing to
the bending strength of the frame the prestressing ducts need not be grouted
provided the unbonded tendons are suitably protected against corrosion and
fire and that the anchorages are capable of withstanding fluctuating stresses.

Anchorages

Anchorages for post-tensioned tendons should be positioned away from
highly stressed zones such as plastic hinge regions.

Beam-Column Connections

Beam-column connections should be designed to ensure that shear failure
does not occur within the joint core. Consideration should be given to
possible reduction in shear strength during seismic load reversals.
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NEW ZEALAND RECOMMENDATIONS FOR THE DESIGN OF
SEISMIC RESISTANT STRUCTURES

The seismic Committee of the New Zealand Prestressed Concrete Institute
has recently published recommendations for the design and detailing of
ductile prestressed concrete frames for seismic loading [9]. At present a
new concrete design code is being written in New Zealand which will largely
be based on ACI 318-71 [4] and its recent amendments, together with
additional provisions for seismic design. A draft of Chapter 22:
"Prestressed Concrete Members - Additional Seismic Requirements" proposed
for the code is given in Appendix IT with supplementary sections in Appendix
III and some commentary in Appendix IV. This material has been drafted by the
New Zealand concrete design code committee but has not yet been circulated for
comment in New Zealand. It can therefore only be regarded as a working
draft. The draft material is based on the NZPCI recommendations [9].

In the New Zealand loadings code [23] the static horizontal seismic
load is found by multiplying together a number of coefficients. One of the
coefficients is a structural material factor M which has a value of 1.0
for reinforced concrete structures and a value of 1.2 for prestressed
concrete structures. Thus the New Zealand loadings code requires a 20%
increase in the seismic load part of the design loads for prestressed
concrete structures over that for reinforced concrete structures. The
original draft of the New Zealand loadings code sent out for comment in 1973
did not include reference to prestressed concrete, and the commentary with
the draft stated that the material factor "for prestressed concrete will be
given when more work has been done on response and detailing and when viable
earthquake performance records have been obtained". However the work
conducted by the Seismic Committee of the New Zealand Prestressed Concrete
Institute [9], based mainly on the studies conducted at the University of
Canterbury, did result in recommendations for seismic loading for prestressed
concrete being made in the final version of the New Zealand loadings code.
Nevertheless the New Zealand loadings code [23] does include the following
note of caution regarding prestressed concrete.

"The value of M = 1.2 when used in prestressed concrete ductile
frames should at this stage be regarded as tentative and
subject to review when sufficient response analyses of
multistorey structures subjected to a range of earthquake
motions have been made; the increase of 20% above the
value for reinforced concrete is intended to allow for
the increased response of prestressed concrete structures.

At the present (1975) state of knowledge some authorities are
by no means agreed that prestressed concrete is an entirely
satisfactory material for use in ductile frames and shear
walls. For instance SEAOC 1973 comments as follows:

"The use of prestressing to develop ductile
moment capacity will require testing and is
a subject for further study. Other members
within the building, not part of the space



frame, may be precast, prestressed, composite,
or any other appropriate system if adequate
diaphragms and connections are developed so
the building will respond to seismic input as
a unit".

Other authorities are concerned at the extent to which concrete
crushing and joint deformations are required to dissipate
seismic energy.

Designers are urged to adopt a conservative approach until
more evidence on response and performance are available.
For design and detailing requirements designers are
referred to the 1976 recommendations of the N.Z.
Prestressed Concrete Institute."

The above statement from the New Zealand loadings code indicates that
the code committee had some reservations concerning the performance of
prestressed concrete subject to severe seismic shaking and obviously felt
that further research was still required in a number of areas.

SOME BACKGROUND TO NEW ZEALAND RECOMMENDATIONS FOR
THE DESIGN OF SEISMIC RESISTANT STRUCTURES

Nonlinear Dynamic Response of Simple Prestressed Concrete Systems

Two recent studies of the inelastic response of simple prestressed
concrete systems to severe seismic shaking have been conducted at the
University of Canterbury [24,25]. These studies were conducted on single
degree-of-freedom systems with idealized load-deformation characteristics
and also involved comparison of the response of prestressed concrete systems
with idealized partially prestressed and reinforced concrete systems. The
displacement response of the systems to earthquake ground motions was
calculated using a step by step numerical integration method. The prestressed,
partially prestressed and reinforced concrete systems were designed for the
same strength using the load factors and loadings recommended for reinforced
concrete structures in New Zealand just prior to the 1976 loadings code.

The study by Blakeley [24] concluded that a prestressed concrete system
designed to code loading when responding to the north-south component of the
1940 El Centro earthquake will generally have a maximum displacement of about
1.4 times that of a reinforced concrete system with the same strength, initial
stiffness and percentage critical viscous damping. For the prestressed
concrete system the load-displacement idealization shown in Fig. 3 was used
with the empirical factors defining the loop shape determined from
experimental results. For the reinforced concrete system, both an elasto
plastic idealization and a degrading stiffness idealization (due to Clough)
were used.

The study by Thompson [25] extended the work by comparing the displace
ment response of a range of prestressed, partially prestressed and reinforced
concrete systems to a number of earthquake ground motions. Prestressed
concrete was idealized using the empirical loops determined by Blakeley [24]
and shown in Fig. 4(b). Reinforced concrete was idealized using the
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for Prestressed Concrete, [24]

Ramberg-Osgood function illustrated in Fig. 4(a). Partially prestressed
concrete was idealized by combining the idealized responses for prestressed
concrete M (~) with that for reinforced M (~) such that at a curvature ~

the total ~oment sustained by the partially prestressed system is

M(~) (1)

where the coefficient B is the ratio of the flexural strength contribution
from the prestressinq steel to the total flexural strength of the section
and the coefficient a is the ratio of the flexural strength contribution
from the nonprestressed steel to the total flexural strength of the section.
The idealized non-linear cyclic load-displacement curves were of similar
shape to the idealized cyclic M - ~ curves of Fig. 4. The first 15 seconds
of three earthquake records were used: El Centro 1940 N-S component, and
the artificial earthquakes A-2 and B-2 due to Jennings, Housner and Tsai [26].
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The displacement ductility factor ~ is defined in this study as the
displacement divided by the "first yield" displacement, where the "first
yield" displacement is defined as the displacement at the point of inter
section of the elastic slope of the load-deflection curve and the horizontal
line at ultimate load. This definition gives an identical "first yield
displacement" for all loop shapes with the same initial stiffness and
strength and thus is a good basis for comparison of prestressed, partially
prestressed and reinforced concrete systems. Fig. 5 shows the variation of
the maximum displacement ductility factor demand with period T and critical
viscous damping ratio A for prestressed, partially prestressed and reinforced
concrete systems of the same strength (from code loading) responding to
the El Centro 1940 N-S earthquake. The displacement ductility demand is
shown to decrease with increasing T and increasing A. Note the high
displacement ductility demand for small period structures. Fig. 6 shows
the variation in displacement demand for systems with various a and S
values and with A = 2% and T = 0.6 seconds. There was a general trend of
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decreasing displacement response with increasing value of a , except for the
small period (0.3 second) system. In this study the maximum displacement
of the prestressed concrete system was on average found to be 1.3 times
that of the reinforced concrete system with the same strength, initial
stiffness and viscous damping. However, this ratio showed wide
variation from the average value of 1.3, ranging between 0.7 and 2.4 for
the range of cases studied of A~ 0.02 to 0.10 and T ~ 0.3 to 2.1 seconds.
The ratios of the average displacement ductility demand of the fully
prestressed system for the A-2 and B-2 earthquakes to that for the El Centro
earthquake was 2.14 and 0.6, respectively. The same two ratios for the
reinforced concrete system were 2.11 and 0.90.

In practice a prestressed concrete structure is likely to have a lower
critical viscous damping ratio than its reinforced concrete counterpart,
a factor which will tend to increase the ratio of maximum displacement
response of the prestressed concrete system to the maximum displacement
response of the reinforced concrete system. However this effect will be
counteracted by the greater flexibility of the prestressed concrete frame
(because of smaller me~er sizes), which results in reduced ductility
demand even if the design strength decreases with increasing period of
vibration in accordance with code requirements.

The above studies [24,25] indicated that prestressed concrete portal
frame structures designed using the seismic loading recommended for
reinforced concrete structures can be made sufficiently ductile to
achieve the required displacement response. This conclusion was reached
by examining the modes of inelastic displacement of portal frame structures
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(e.g. sidesway mechanisms with plastic hinges in beams, columns or both)
and relating the imposed displacement ductility factor to the curvature
ductility factor demand of the plastic hinge sections. This approximate
analysis showed that the curvature ductility requirements of the sections
could be met providing the sections were properly detailed. However the
higher displacement response than reinforced concrete means that a greater
deformation capacity is necessary for prestressed concrete structures.
Also, the higher displacement response means that a greater level of non
structural damage could be expected in a prestressed concrete building
structure than in a comparable reinforced concrete structure of similar
strength. If an equivalent displacement concept is adopted, and if damage
is related to displacement, there is a case for the use of higher load
factors for the seismic design of prestressed concrete structures than for
reinforced concrete structures. The 20% increase in seismic load for
prestressed concrete structures over that used for reinforced concrete
structures adopted by the 1976 New Zealand loadings code [23] is an attempt
to take these factors into account.

It is evident that a need exists for more nonlinear dynamic analyses of
prestressed concrete buildings to establish more precisely the displacement
ductility demand, and the curvature ductility required of plastic hinge
sections, during severe earthquakes. Spencer ,for example [28],has
conducted some analyses of multistorey frames and found that the displace
ment ductility demand for prestressed concrete structures exceeded that for
reinforced concrete structures by the same order as quoted here for single
degree-of-freedom systems. More dynamic studies on a range of building
types are required.

Theoretical Studies of the Curvature Ductility of Flexural Members

The available ductility of a section is illustrated by the shape of the
moment-curvature (M - ¢) curve. The M-¢ curve obtained for monotonic
loading gives a good approximation for the envelope curve for cyclic loading
providing strength degradation due to concrete damage is not significant.
Theoretical M-¢ curves can be obtained using idealized stress-strain
relationships for concrete and steel by satisfying the requirements of
strain compatibility and equilibrium for the section while incrementing the
extreme fibre strain. The idealized stress-strain relationships for
prestressing steel and nonprestressed mild steel used in the studies by
Blakeley [24] and Thompson [25] were obtained by fitting equations to
measured experimental curves. The stress-strain relationship used for the
confined core concrete was that proposed by Kent and Park [27] which allows
for the effect of transverse steel content on the ductility of the concrete.
For the cover concrete (outside the transverse steel) a stress-strain curve
was used which was closer to that for unconfined concrete. Good agreement
was obtained between the theoretical M-¢ curves when checked against measured
experimental curves [24,25].

The theoretical approach was used to study the effect of several beam
variables. The rectangular section studied was 18 in (457 mm) deep by 9 in
(229 mm) wide containing No.3 (9.5 mm dia.) stirrups at 3~ in (89 mm)
centres, with l~ in (38 mm) cover to the stirrups [25]. The stress-strain
curves for the concrete and high tensile steel assumed for the beam section
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Fig. 7 Idealized Stress-Strain Curves for Concrete and High
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studied are shown in Fig. 7. The results of the moment-curvature analyses
are illustrated in Figs. 8 to 11 and are discussed below.

Fig. 8 shows the theoretical M-¢ curves obtained for the section
eccentrically prestressed by a tendon near the extreme tension fibre. The
reduction of the available curvature ductility with increasing content of
prestressing steel has led the author, Blakeley [24] and Thompson [25]
to recommend that for seismic design the following requirement should be
observed

Ppfps/f~" 0.2

where P = A /bd, A = area of prestressing steel, b = width of section,
d = eff~cti~ depth Pof section, f stress in prestressing steel at the
flexural strength, and fl = compre~~ive cylinder strength of concrete.
For the section shown inCFig. 8, Eq. 2 requires the gross area steel ratio
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p = A Ibt, where t = section overall depth, to be p ~ 0.0046 and it is
eviden€ from the curves of that figure that this requirement will ensure
reasonable curvature ductility. Chapter 18 of ACI 318-71 [4] allows 50%
more prestressing steel than Eq. 2 (i.e. p ~ 0.0069 for the section of
Fig. 8), but it is evident from Fig. 8 that the requirement of Eq. 2 is
more reasonable than the less severe ACI requirement if the moment is to
remain near maximum over a large range of curvature

Fig. 9 shows that with prestressing steel present in the compression
zone the theoretical curvature ductility of the section is not reduced by
increase in prestressing steel content. This is a consequence of the
prestressing steel acting as compression steel at large curvatures,
providing that steel is restrained against buckling by the surrounding
concrete and transverse steel. Successive cycles of reversed flexure may
cause concrete damage leading to buckling. To avoid excessive concrete
damage it would appear reasonable to require that all beam sections be
capable of reaching a specified curvature at a given extreme fibre concrete
strain. This in general requires a limitation on the maximum allowable
neutral axis depth since for sections with tendons at various levels down
the depth it is difficult to set a limiting value for p f If' because
tendons at different levels lead to different M-~ curve~.ps c It is to be
noted that Eq. 2 means that A f~ 0.2f'bd and hence that the maximum
possible tensile force in thePtg~dons atcthe flexural strength is 0.2f'bd.
on this basis the maximum possible depth of the concrete compressive c
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rectangular stress block is

a
0.2f'bd

c
0.S5f'b

c
0.235d

Ifd 0.S5t this requirement may be written as

a .::: 0.2t (3)

where t is the overall depth of the section. Hence for sections with
tendons placed at various levels down the depth it could be required that
the ratio of the depth of the concrete compressive rectangular stress block
to the overall member depth is not greater than 0.2. This will result in the
curvature of a member with general tendon positions for a given ultimate
concrete strain always being at least equal to that for a member with all
tendons placed near the extreme tension fibre. The requirement of Eq. 3 has
been adopted by the Seismic Committee of the New Zealand Prestressed Concrete
Institute [9] and is part of the proposed New Zealand provisions given in
Appendix II.

It is of interest to compare M-¢ curves for sections with different
arrangements of prestressing steel. In seismic design moment reversals will
require many sections to have both negative and positive moment strength
and hence tendons will often exist near both extreme fibres of the section
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and near mid-depth. Fig. 10 shows theoretical M-¢ curves for the section
with up to five tendons symmetrically distributed down the depth. The total
prestressing steel content is the same for each of the five cases, being
0.00696 of the gross concrete section. For the case of all steel concen
trated in a single central tendon, N = 1, the moment capacity is more
sensitive to a deterioration of the compressed concrete and a significant
reduction of moment capacity occurs at high curvatures. However there is
little difference in the moment capacity for two or more tendons and such
sections are able to maintain_near maximum moment capacity at high
curvatures. Therefore two or more tendons are to be preferred.
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Fig. 10 Moment-Curvature Relationships for section With Various
Numbers of Symmetrically Placed Prestressing Tendons, [25]

The effect of increasing prestressing steel content on the curvature
ductility of partially prestressed sections is also of interest. Fig. 11
shows the M-¢ curves for the section with symmetrically placed non
prestressed steel top and bottom having a total area of 0.0124 of theDgross
concrete section, and various contents of prestressing steel. The non
prestressed steel had a yield strength of 40,000 psi (276 MFa) and the
stress-strain curve adopted for it was as measured in typical samples,
including strain hardening which commences at 16 times the yield strain.
The figure shows that in this case increase in the content of prestressing
steel results in an increase in flexural strength without significant
reduction in ductility.
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Other M-~ analyses also have shown that for the section studied a 3 to
4 in (76 to 102 rom) spacing of closed stirrups gave reasonable curvature
ductility and that greater spacing was undesirable, and that the concrete
cover thickness to the stirrups should be made as small as possible to
avoid a significant reduction in moment capacity when the cover concrete
crushes.

The ductility of prestressed concrete columns has been considered
elsewehere [24]. As expected, the available curvature ductility of a
prestressed concrete column reduces with axial load level, and as for
reinforced concrete columns special transverse confining steel is necessary
in prestressed concrete columns once the axial load exceeds some nominal
value such as O.lP , where P ; strength of column when load is applied
with zero eccentri8ity. a

The experimental results of tests [24,25] have given good confirmation
of the results of the theoretical moment-curvature analyses.

The requirements for flexural steel in members, and for transverse
steel, are presented in a form suitable for inclusion in a code in
Appendix II and III and are discussed briefly in Appendix IV.
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Tests on Beam-Column Joints

A critical aspect of the experimental results from prestressed and
partially prestressed concrete beam-column joint specimens was the joint
core behaviour [25]. Shear reinforcement in the joint core of the
specimens had been designed using the method recommended for reinforced
concrete in Appendix A of ACI 318-71 [4]. In this method the horizontal
shear induced in the joint core by the beam internal forces and column
shear is assumed to be carried by a mechanism involving the concrete
(from aggregate interlock, etc) plus a mechanism involving the hoops
assuming 45° diagonal tension cracking and concrete struts, as in structural
members. The columns had been designed to be stronger than the beams and
the test specimens were subjected to static cyclic loading simulating
seismic loading. In all the units tested the beams reached at least 95%
of their theoretical flexural strength in the first inelastic loading cycle
accompanied by yielding of the joint core hoops in some units. For those
units in which the joint core hoops yielded, further inelastic loading
cycles resulted in a degradation of the joint core shear strength due to
repeated opening and closing of diagonal tension cracks in alternating
directions. In these units the shear strength of the joint core governed
the strength of the unit and the inelastic deformation of the unit occurred
mainly in the joint core. Thus although the ACI 318-71 Appendix A approach
allowed the attainment of the required joint core shear strength
satisfactorily in the first inelastic load cycle, in some units degradation
of joint core shear capacity occurred in subsequent inelastic loading
cycles. Thus the ACI 318-71 Appendix A approach for joint core shear
strength cannot be regarded as being adequate for plane frames subjected to
intense cycles of seismic loading. In those units without a prestressing
tendon at middepth joint core shear failure always occurred, illustrating
the benefit to joint core behaviour to be gained from the presence of a
central tendon.

It appears that the shear carried by the concrete should be neglected
except where either the vertical compressive stress on the joint core is
significant or when the beams are detailed so that yielding of the flexural
steel in the beams cannot occur adjacent to the column faces. Where prestress
sing tendons exist near the beam mid-depth they can be taken as carrying some
horizontal shear force. vertical shear force can be provided for by ensuring
that intermediate longitudinal column bars exist between the corner bars at
the side faces of the column.

In the tests [25] the critical diagonal tension crack was observed to
run from corner to corner of the joint core. It is recommended that the shear
force to be carried by the horizontal shear reinforcement in the joint core
should be determined from the force in the bars which cross the corner to
corner crack.

Detailed requirements for joint shear reinforcement are discussed
elsewhere (see Appendix II and II~).



CONCLUSIONS

Background studies have indicated that earthquake resistant prestressed
concrete structures can be designed. The greater deflection response of a
prestressed concrete structure to a severe earthquake means that consider
ation should be given to the use of greater seismic design loads for
prestressed concrete structures than for reinforced concrete structures.
Care should be taken to ensure suitable positions of plastic hinges and
adequate plastic hinge rotation under severe earthquake loading in the members
of the structure. Design should be such that when loaded into the inelastic
range the structure deforms in a ductile manner due mainly to plastic hinge
rotation of flexural members and that all brittle forms of failure are
avoided. Beam-column connections need careful detailing if strength
degradation due to seismic load reversals is to be avoided.

On the whole it appears that sufficient evidence is now available to
enable comprehensive seismic design provisions for prestressed concrete to be

produced. The proposed New Zealand recommendations provide an example of
a suitable set of recommendations.
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APPENDIX II - PROPOSED PROVISIONS FOR NEW ZEALAND CONCRETE DESIGN
CODE - "CHAPTER 22: PRESTRESSED CONCRETE MEMBERS - ADDITIONAL

SEISMIC REQUIREMENTS"

22.0 Notation
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U ~

depth of equivalent rectangular stress block
dead loads as defined by NZS 4203:1976 1

earthquake loads as defined by NZS 4203:1976 1

specified compressive strength of concrete
overall thickness of member
reduced live loads as defined by NZS 4203:1976 1

design axial compressive load acting normal to the cross section
axial load strength of member when the external load is applied
without eccentricity
required ultimate load capacity.

22.1 Scope

This section covers the design of prestressed and partially prestressed
concrete members of ductile moment resisting space frames and joints between
such members.

1. "Code of Practice for General Structural Design and Design Loadings
for Buildings", NZS 4203:1976, Standards Association of New Zealand.
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22.2 Materials

22.2.1 - Wires and strands for tendons in prestressed concrete shall
conform with the provisions of NZS 14172 or BS 3617 3 respectively, or shall
be of equivalent quality.

22.2.2 - f' shall not exceed 8000 psi (55 MFa) unless special transverse
reinforcement i~ provided.

22.2.3 - Post-tensioned tendons in moment resisting frame members shall
be grouted, except as allowed by Section 22.6.3.

22.3 Design of Flexural Members

22.3.1 - Dimensions of prestressed flexural members shall be in
accordance with the provisions of Section 16.2*.

22.3.2 - Provided the limits to flexural steel are in accordance with
Section 22.3.3, elastically derived bending moments may be redistributed in
accordance with the provisions of Section 16.3*.

22.3.3 - The content of prestressed plus non-prestressed flexural steel
shall be such that (a) at the flexural capacity of sections in potential
plastic hinge zones

a/h ,;; 0.2 (22.1)

unless special transverse reinforcement is provided in accordance with that
recommended for potential plastic hinge regions in reinforced columns* in
which case

a/h ~ 0.3 (22.2)

and (b) the flexural strength of the section exceeds the
cracking strength, when allowance is made for likely variations in prestress
and the strength of materials. In the absence of special studies it shall be
assumed that the maximum concrete tensile strength prior to cracking is
l21f' psi (If' MFa), and allowance shall be made for a variation of 10% in
the galculatea level of prestress at the section under consideration.

22.3.4 - The effective reinforcement near column faces in T and L beams
built integrally, with slabs shall be subject to the provisions of Sections
l6.4.4(a) to 16.4.4(d)*. In all cases at least 75% of the tensile force
capacity in each face, providing the required flexural capacity, shall be
provided by reinforcement passing through, or anchored in, the column core.
When longitudinal reinforcement is governed by the load combination
U = 1.4D + 1.7L , then only 75% of the tensile force capacity required for
the load combin~tion U = D + 1.3L + E is required to be provided by steel
passing through or anchored in th~ column core.

2. "Steel Wire for Prestressed Concrete", NZS 1417:1971, Standards
Association of New Zealand.

3. "Seven Wire Steel Strand for Prestressed Concrete", BS 3617:1971,
British Standards Institution, London.

* See additional sections in Appendix III.
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22.3.5 - Stirrups ties, not less than 6 mm diameter, shall be provided to
restrain buckling of compression bars, in accordance with the provisions of
Section 16.5*.

22.4 Design of Columns

22.4.1 - Design of prestressed concrete columns in moment resisting frames
shall be subject to the provisions for reinforced concrete columns, and to the
additional requirements of Sections 22.4.2 and 22.4.3.

22.4.2 - The flexural strength of a column section shall be greater than
the maximum likely column cracking moment, as calculated in accordance with
Section 22.3.3(b), including the effect of axial load and prestress.

columns *

0.2 at the flexural capacity of theor
section,
or (c) ductility of one or two storey frames or bridge piers is
provided by column sidesway mechanisms involving energy dissipation by
deliberate plastic hinging in columns.

22.4.3 - Special transverse reinforcement in accordance with that
recommended for potential plastic hinge regions in reinforced concrete
shall be provided in the end regions of columns if either:

l.
'ncludes the (a) the design load on the column exceeds O.lPo ' where Po

effect of prestress,
(b) if a/h is greater than

22.5 Shear Strength Requirements

Shear strength requirements shall be in accordance with the provisions of
Chapter 19: At sections of beams and columns designed to provide ductility by
plastic hinging, the value of N in Eq. 19.1* shall inClude the prestress
force, after losses, of only thgse tendons situated within the central third
of the section depth. At sections away from potential plastic hinge regions,
N may include the prestress force, after losses, of all tendons at the
c~itical section.

22.6 Joints in Prestressed Frames

22.6.1 - Anchorages for post-tensioned tendons shall not be placed within
beam-column joint cores.

22.6.2 - Except as provided by Section 22.6.3, the beam prestressing
tendons which pass through joint cores shall be placed at the face of the
columns so that at least one tendon is located at not more than 6 in (150 mm)
from the beam top and at least one at not more than 6 in (150 rom) from the
beam bottom.

22.6.3 - When partially prestressed beams are designed with mild steel
reinforcement providing at least 80% of the seismic resistance, prestress
may be provided by one or more tendons passing through the joint core and
located within the middle third of the beam depth, at the face of the column.
In such cases post-tensioned tendons may be ungrouted, provided anchorages
are detailed to ensure that anchorage failure, or tendon detensioning,
cannot occur under seismic loads.
* See additional sections in Appendix III
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22.6.4 - Ducts for post-tensioned grouted tendons through beam-column
joints shall be corrugated, or provide equivalent bond characteristics.

22.6.5 - Connections between precast members at beam-column joints shall
be acceptable provided that the jointing material has sufficient strength to
withstand the compressive and transverse forces to which it may be subjected.
The interfaces shall be roughened or keyed to ensure good shear transfer and
the retention of the jointing material after cracking.

22.6.6 - Design of joint reinforcement shall be in accordance with the
provisions of Chapter 21*.

APPENDIX III - PROPOSED REVISIONS FOR NEW ZEALAND CONCRETE DESIGN
CODE - DESCRIPTION OF SECTIONS REQUIRED IN ADDITION TO CHAPTER 22

The main parts of the additional sections which affect prestressed
concrete are summarized below:

Dimensions

1 h/b 2 < 65
n wand

Section 16.2.1 requires that the depth and width of rectangular
continuous flexural members and columns with moments of opposite signs at
each end shall be such that

when In = clear span, h = overall depth of section and b
w

= web width.

Section 16.2.2 requires that the depth and width of rectangular
cantilever members shall be such that

In/bw < 10 and Inh/bw2 < 38

Section 16.2.3 requires that for T and L beams in which the flange is
integrally built with the web, the width of web and depth of section shall be
such that the limiting 1 /b values given above are not exceeded by more
than 50%. n w

Moment Redistribution

Section 16.3.1 requires that the amount of moment redistribution used in
design for any span of a beam forming part of a continuous structure shall
not exceed 30% of the maximum moment derived for that span from elastic
analysis for any combination of design earthqUake and gravity loading.

Section 16.3.2 requires that the redistribution of shear forces between
columns shall not exceed 15% of the smaller shear force acting on any of the
columns involved.

Section 16.3.3 requires that at all times the requirements of static
equilibrium shall be satisfied.

* See additional sections in Appendix III



Longitudinal Reinforcement in Flexural Members

Section 16.4.4 requires that in T beams built integrally with slabs the
reinforcement in the following widths of slab each side of the column shall
be considered to be effective in adding to the moment strength of the member
at the faces of the column:

(a) 4 times the slab thickness from the sides of interior columns where
a transverse beam of similar dimensions frames into the column.

(b) 2t times the slab thickness from the sides of an interior column
where no transverse beam exists.

(c) 2 times the slab thickness from the sides of an exterior column
where a transverse beam (along the edge of the floor) of similar dimensions
frames into the column into which the reinforcement is anchored.

(d) Zero times the slab thickness from the sides of an exterior column
where no transverse beam (along the edge of the floor) exists.

Transverse Reinforcement in Flexural Members

Section 16.5.1 requires that stirrup ties, not less than ~ in (6 rom)
diameter, shall be provided in accordance with Sections 16.5.2 to 16.5.6 in
potential plastic hinge regions defined as follows:

(a) Over a length equal to twice the member depth, measured from the
critical section at the face of the supporting column, wall or beam toward
midspan, at both ends of the flexural member.

(b) Where the member strength is such that the critical section of the
plastic hinge is located at a distance of not less than the depth of the
member away from a column or wall face over a length that commences between
the column or wall face at least 0.5h from the critical section and extends
at least 1.5h past the critical section toward midspan, where h ~ member depth.

(c) Over lengths equal to the flexural member depth on both sides of a
section, away from the support, where flexural yielding may occur in one face
of the member only as a result of inelastic displacements of the frame.

section 16.5.2 requires that stirrup ties shall be arranged so that each
upper or lower face beam bar or bundle of bars is restrained against buckling
in any direction by a 90° bend of a stirrup tie, except that when two or more
bars, at not more than 8 in (200 rom) centres apart, are so restrained by the
same stirrup tie any bars between them are exempt from this requirement.

Section 16.5.3 requires that the area of one leg of a stirrup tie, A ,
in the direction of potential buckling of the main longitudinal bar, shalt

e

be computed from
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s
"4 (16-8)

where E~ is the sum of the areas of the longitudinal bars reliant on the tie
including the tributory area of any bars exempt from being tied in
accordance with section 16.5.2, f ~ yield strength of longitudinal steel,
f ~ yield strength of ties and Ys ~ tie spacing in inches. Longitudinal bars
c¥~tered more than 3 in (75 rom) from the inner face of stirrup ties need not
be considered in determining the value of E~.
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Section 16.5.4 requires that the longitudinal bars placed in second or
third layers from the top or the bottom face of a beam should be tied
laterally as required in Section 16.5.3 if they are centered further than
4 in (100 mm) from the first layer.

Section 16.5.5 requires that except as permitted in Section 16.5.6 the
spacing of stirrup ties shall not exceed d/4, six times the diameter of the
longitudinal bar to be restrained in the outer layers, or 4 in (100 mm) ,
whichever is least. The first stirrup tie in a beam shall be as close
as practicable to the column ties but not further than 2 in (50 mm) from the
column tie.

Section 16.5.6 requires that in potential positive hinge regions defined
in section 16.5.1 (c) the spacing of stirrup ties shall not exceed d/3,
12 times the diameter of the longitudinal compression bar to be restrained,or
4 in (200 mm), whichever is least.

Section 16.5.7 allows stirrup ties to fully contribute to the shear
strength of flexural members.

Shear Strength Requirements of Members

Section 19.1.1 requires that in flexural members the design shear force
shall be determined for when the flexural overcapacity is reached at the most
probable plastic hinge locations within the span and the factored gravity
load is present.

Section 19.2.1 requires that in flexural members in regions where stirrup
ties are required according to Section 16.5.1 (a) and (b) the nominal shear
stress carried by the concrete v shall be assumed to be zero for any seismic
load combination. c

f'
c psi (19-1)

10

f'
MPaJ

c
100.25(1 +

3(1 +v
c

Section 19.2.2 requires that in end regions of columns of not less than
the depth of the member in the direction of the shear force, one-sixth of the
clear height of member, or 18 in (450 mm), the nominal shear stress carried by
the concrete v shall be assumed to be zero unless the design axial compress
ive force prodUces an average stress in excess of O.lf; when v

c
shall be

computed from

where f' = specified compressive strength of concrete, N = axial compressive
load ac€ing on cross section, and Ag = gross area of cro~s section.

In regions other than those defined in Sections 19.2.1 and 19.2.2 shear
is carried by L~e concrete in accordance with the equations of ACI 318-71.
In all regions shear reinforcement is provided to carry that shear not
allocated to the concrete.



Shear Strength Requirements of Beam-Column Joints

Section 21.2 requires that the design horizontal shear force in the joint,
V. shall be calculated from the concentrated internal concrete and steel beam
fdrces, when the overstrength of the weaker members is developed, and the
corresponding shear force in the column.

Section 21.4 requires that the horizontal shear force carried by the
concrete V shall be assumed to be zero except when the minimum average
compressivg stress on the gross area of the column above the joint, including
prestress where applicable, exceeds O.lf' then V shall be taken as v from
Eq. (19.1) times A ., where A . = gross §olumn a~ea or that part of tRe column
area within lines ~Bich are 3gfn (75 rom) each side of the beam under
consideration, which ever is smaller. When beams are prestressed through the
joint the horizontal shear force carried by the prestressing steel shall be
taken as 0.7P ,where P is the force in the prestressing steel located
within the miaale one-thIfd of beam depth. When beams are detailed so that
plastic hinges cannot occur within a distance of one-half a beam depth from
the column face a greater value for v than above can be used. The horizontal
shear reinforcement provided to carryCthe horizontal shear force not carried
by the concrete or the prestressing steel V

s
shall be calculated from
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A
v

(21. 7)

where A = area of each set of shear reinforcement, n = number of layers of
shear r¥1nforcement in joint core, f = yield strength of shear reinforce-
ment, and ~ is the capacity reduction f~ctor = 0.85.

Section 21.5 requires that vertical shear reinforcement in the joint
shall exist in the form of either intermediate column bars placed between
corner bars or special vertical ties or bars in the joint region. Where
intermediate column bars are utilised the spacing of column bars in the side
faces shall not exceed 6 in (150 rom) and there should be at least one
intermediate column bar between the corner bars at each side face of the
column.

Section 21.6 requires that the amount of horizontal confining steel in
the joint shall not be less than the special transverse steel required in
the adjacent column ends except that this amount may be halved when beams
frame in on four faces of the column.

Special Transverse Reinforcement of Reinforced Concrete Columns

Chapter 17 requires that special transverse reinforcement in the form of
spiral or hoop reinforcement, with or without supplementary cross ties, shall
be placed over the end regions of the columns. The end region is the qreater of
the maximum column side dimension or diameter, or one-sixth of the clear
height of the column, or 18 in (450 mm). The quantity of special transverse
steel is based on the 1973 SEAOC Code amount, modified to take level of
maximum design compressive load P into account. For circular spirals the
recommended quantity is 50% of th~ SEAOC amount at P /f'A = 0.1 increasing
linearly to 125% of the SEAOC amount at P /f'A = O.~. c gFor rectangular
hoops and supplementary cross ties the re~omge~ded quantity is 50% of the
SEAOC amount at P /f'A = 0.1 increasing linearly to 133% of the SEAOC
amount at P /f'A e £ gO.6. Special columns with P > 0.7f'A , and hoop
columns witE Pg> 0.6f'A , should not be used. e c g

e c g
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APPENDIX IV - SOME COMMENTARY ON PROPOSED PROVISIONS FOR
NEW ZEALAND CONCRETE DESIGN CODE - "CHAPTER 22: PRESTRESSED
CONCRETE MEMBERS - ADDITIONAL SEISMIC REQUIREMENTS"

22.1 Scope

The design requirements for prestressed and partially prestressed
members are similar in principle to those for non-prestressed members and
many provisions in previous chapters of the code apply to prestressed as well
as to reinforced members. Chapter 22 defines provisions peculiar to members
with prestressing, and indicates which sections of other chapters shall be
adopted in design.

22.2 Materials

22.2.1 - It is of particular importance that the prestressing steel
complies with the specified requirements for percentage elongation at
rupture, to ensure adequate ductility.

22.2.2 - The slope of the falling branch of the concrete stress-strain
curve increases, and the Ultimate compressive strain reduces, with increasing
concrete strength. Consequently, unless special transverse reinforcement in
accordance with that recommended for the potential plastic hinge regions of
reinforced concrete columns is provided to increase the ultimate compressive
strain, very high strength concrete should not be used in plastic hinge
regions.

22.2.3· - The use of ungrouted post-tensioned tendons in moment resisting
frames is undesirable for the following reasons:

(a) The tendons remain in the elastic range and therefore total reliance
is placed on the concrete for energy dissipation and compressive strength.

(b) Ductility is likely to be provided by inelastic flexural strains
associated with a single wide crack at the critical section. The reduced
equivalent plastic hinge length, in comparison with that for a bonded tendon,
may significantly reduce the available ductility.

(c) It is difficult to accurately predict the ultimate moment capacity
of ungrouted sections under reversed loading. Consequently column moments
induced by beam overstrength are equally difficult to predict.

(d) Fluctuation of tendon forces could cause failure of the anchorage
with the catastrophic result of release of prestressing force.

These arguments are less valid when the prestress is used mainly to
balance gravity loads, with non-prestressed steel reinforcement providing
the bulk of the seismic resistance. Under these circumstances, ungrouted
tendons are permitted, provided that the provisions of section 22.6.3 are
satisfied.

22.3 Design of Flexural Members

22.3.1 - The limiting dimensions are based on considerations similar to
that used in the British Code of Practice CPIIO:1972 to prevent lateral
instability. However to take into account stiffness degradation due to
cyclic loading only one-third of the limiting slenderness ratios of the
British Code have been allowed.



22.3.2 - Design for ductile behaviour implies substantial capacity for
moment redistribution. Moments found from elastic analysis can be
redistributed to gain a more advantageous design moment envelope and thus a
more efficient design.

22.3.3(a) - The object is to ensure ductile behaviour in plastic hinge
zones. The background to Eq. (22.1) has been discussed previously (see
pages 14 to 16). If greater flexural steel contents than that implied by
Eq. (22.1) are necessary then special transverse confining steel should be
provided to ensure adequate curvature ductility.

22.3.3(b) - The section should crack before the flexural strength is
reached, otherwise a brittle failure may result. Allowance must be made for
the case of a high modulus of rupture [for example 101f' psi (0.81f' MFa) or
higher is occasionally measured in tests], and the concfete cylindef strength
f' being higher than specified. The value of maximum concrete tensile
strength prior to cracking of l21E' psi (If' MFa)~ired in the absence of
special studies corresponds to 10~ psic(0.8/i~5f· MFa), that is, allow
ance is made for concrete strength exc~eding the specified value by 50%.
Specifying a minimum ratio between ultimate and cracking moment is non
conservative for lightly prestressed members, and overly conservative for
members with heavy prestress and axial load.

22.3.4 - The effect of slab steel in contributing to the ultimate beam
moments may be considered in assessing beam overstrength, and must be
considered when calculating the moments induced in columns when plastic
hinges form in beams. The slab widths considered effective are approximations
which attempt to take into account the torsional stiffness of the slab regions
each side of the column in the various cases.

22.3.5 - Stirrup ties are necessary to confine the concrete and to
prevent buckling of longitudinal steel in potential plastic hinge regions.
The specified maximum spacing of 4 in (100 mm) is to ensure reasonable
confinement of concrete, and of six longitudinal bar diameters is to ensure
that buckling of nonprestressed bars will not occur when cycles of reversed
loading cause a reduction in the tangent modulus of the steel due to the
Bauschinger effect. When yielding at a section can only occur due to moment
in one direction the requirements necessary to prevent bar buckling can be
relaxed. Eq. (16.8) is based on the assumption that the tie force should not
be less than one-sixteenth of the longitudinal force in the bar or bars it
is to restrain except that when the tie spacing is less than 4 in (100 mm)
this requirement can be reduced.

22.4 Design of Columns

22.4.3 - The special transverse steel recommended when the design load
exceeds O.lP is as for reinforced concrete columns. The amount of special
transverse s~eel recommended is based on the 1973 SEAOC Code amounts
modified to take account of the level of the axial compressive load on the
column, since analytical studies of reinforced concrete columns have shown
the SEAOC amounts to be conservative at low axial load levels and unsafe
at very high axial load levels.
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The a/h limit specified for beams in Section 22.3.3 is also used as a
limit for columns because deeper compression stress blocks may require
special transverse steel to adequately confine the concrete at ultimate
capacity. Special care needs to be taken for columns deliberately designed
to dissipate energy by the formation of column hinges, particularly if high
axial load levels can occur. The amount of special transverse steel should
be as required for the potential plastic hinge regions of reinforced concrete
columns.

22.5 Shear Strength Requirements

In flexural members, v is assumed to be zero in potential plastic hinge
regions due to the degradatIon of the shear carried by the concretecaused by
reversed loading. Eq. (19.1) for the end regions of columns gives a gradual
increase in v for compressive stresses above O.lf' (v = 0 at smaller
compressive s~resses). In end regions of columns ~e gxial compressive force
N on the section in Eq. (19.1) should include the force from these tendons
cYose to mid-depth of the section but the tendons near the extreme fibres
should not be included since they may not be fully effective after several
cycles of inelastic plastic hinge rotation.

22.6 Joints in Prestressed Frames

22.6.1 - Anchorages must be kept out of beam-column joint cores in order
to avoid tensile bursting stresses in a region already subjected to severe
diagonal tension from beam and column forces. At exterior joints, anchorages
can be placed in stubs outside the joint core region.

22.6.2 - Such an arrangement of tendons results in more ductile plastic
hinge behaviour of beams under inelastic cyclic loading than when the tendons
are all concentrated at mid-depth in the beam.

22.6.3 - A possible design technique to satisfy this section would
involve prestressing steel designed only to balance gravity loads (for example,
D + 1.3L ), with the additional required seismic capacity and ductility
provided~y top and bottom layers of non-prestressed steel reinforcement.
Under these circumstances the beam prestressing tendon or tendons at the
column faces could be located in the central third of the beam depth to avoid
loss of effective prestress force under reversed inelastic cycling, and to
improve the shear resistance of the joint core.

22.6.4 - Corrugated ducts provide the best bond transfer between tendon
and concrete and are thus preferred in regions of high bond stress, such as
joint cores.

22.6.5 - Limited testing has indicated that precast joints at the faces
of columns can function effectively with no other connection through the
jointing material than the grouted tendons. Some form of mechanical
interlock is required to hold the jointing material in place. Where
possible, the plastic hinge zones should be forced to form away from the
jointing faces, by the use of suitable reinforcing details, haunches,
cruciform columns, or other means.

22.6.6 - Beam-column joints have been discussed previously (see page 19).
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The continually expanding use of precast concrete buildings in seismic
regions is presenting new challenges in the area of seismic design. One form
of such construction, precast concrete panel buildings, has found wide accept
ance throughout the world and has begun to find its place within the building
industry of the United States. Panelized building systems are constructed of
large precast concrete panels used as both vertical and horizontal structural
components. Vertical elements, referred to as panels, are combined to
create both load bearing and non-load bearing shear walls. Horizontal elements
act as both floor and roof systems for gravity loads and as shear diaphragms
for resisting lateral loads. Precast concrete panel construction has found
its widest use in residential construction where the panels may serve as multi
functional building elements.

The extensive development of panelized construction was a direct response
to housing needs throughout Europe immediately after World War II. As with
all new structural forms, panelized systems have undergone the pains of growth
and acceptance. Because of their viability as a design solution to housing
problems in Europe, they were well on their way to wide usage before their
sensitivity to progressive collapse was highlighted by the Ronan Point failure
of 1968 [31].* Ronan Point and subsequent examinations into abnormal loads
and progressive collapse ~3,26,39,43,84,89,105] illustrated one of the funda
mental differences between cast-in-place and precast construction - the neces
sity of developing the overall structural integrity of the building by estab
lishing continuity in connection regions.

Precast concrete panel buildings were initially developed for use in
regions that were essentially nonseismic in character. However, their use
soon spread to the seismic regions of Europe, Japan and North and South Amer
ica. In many seismic regions, initial use was limited to low rise (five
stories or less) structures [76,100]. This initial limitation never existed
in some regions and was eventually relaxed in the others. It is common today
to find panelized buildings ranging from 10 to 20 stories in seismic regions
throughout the world.

Precast concrete elements find many uses in today's construction indus
try. This paper will address only those structures for which panel type ele
ments constitute the main load carrying members. Some of the questions of
overall system behavior are similar to those of cast-in-place shear wall con
struction and reinforced masonry construction. Joinery problems associated

* Numbers in brackets refer to references listed in Appendix 1.
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with floor framing are also shared with some reinforced masonry construction.
In general, however, large panel precast concrete buildings present a unique
challenge in seismic design, a challenge that contains both opportunities and
problems.

The body of this paper is divided into six additional sections. The
first section acquaints the reader with the basic configuration of panelized
buildings and the importance of their connection regions. The second section
identifies major seismic design considerations for panelized systems. The
third section examines the structural behavior of the basic components of the
system: panels, connections and floor systems. The fourth section discusses
the seismic response of panelized buildings based upon observation and mathe
matical analysis. The fifth section brings the previous sections into focus
by exploring their seismic design implications. The sixth section summarizes
the paper and identifies research that will be needed to answer many of the
questions raised in the paper.

PRECAST CONCRETE PANEL BUILDINGS

Precast concrete panel buildings are constructed of large planar concrete
elements. These large panel prefabricates are assembled into three basic
structural configurations [44]:

1) cross-wall. The cross wall panel structure is one in which the
bearing walls are perpendicular to the building axis. One-way
floor and roof slabs span between the bearing walls (see Figure 1).
Non-bearing wall panels parallel to the building axis provide lat
eral load resistance in the longitudinal direction.

2) long-wall. In long wall, or spine systems, the bearing walls are
parallel to the building axis, and again, one-way slabs span bet
ween bearing walls (see Figure 2). Non-bearing walls perpendicular
to the building axis provide bracing in that direction.

3) two-way system. The third type of large panel system, the two-way
or ring type, consists of bearing walls in both directions, carry
ing two-way slabs (see Figure 3). These slabs must be bay-sized,
unlike the much narrower planks common in one-way systems.

Figure 1: Cross-Wall System Figure 2: Long Wall System Figure 3: Two-Way System

A fourth categorization, called a mixed system, is often used, in which one
way floor systems are supported by cross walls and long (or spine) walls in
different portions of the structure.
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Connections in large panel construction serve several basic functions.
Zeck[107], in her report entitled "Joints in Large Panel Precast Concrete
Structures" has surveyed the wide range of connections used to serve these
functions. Figure 4 presents a classification system developed by Zeck for
connections based on their type of construction and on their location in the
structure.
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Figure 4 Connection Classification Matrix [107]

Large panel systems give the overall appearance of cast-in-place concrete
shear wall systems and lateral force analysis is often carried out on the basis
of this assumption [17]. While this assumption may serve a legitimate design
function, it fails to recognize a fundamental difference between cast-in-place
and precast construction. To quote Despeyroux:

The connections constitute a large number of special points in a
structure, and it has to be considered, on the one hand, under what
conditions their strength is ensured and, on the other, what defor
mations are produced when this strength is utilized. Obviously, the
inner restraints to which the structural members are subjected depend
on the behavior of the connections, and the slight deformations which
the latter may allow are liable to produce considerable redistribu
tion of force and moments in all other parts of the structure. Thus,
the behavior of the structure as a whole may turn out to be quite
different from that of a monolithic system. [21]
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This focus on the connection areas and their overall influence on structural
behavior is the critical difference in panelized construction. The existence
of these connections throughout the structure creates a system threaded by
an interconnected system of discontinuities. As suggested by Despeyroux,
these are discontinuities both of strength and stiffness. Seldom does the
complexity of a connection allow for the development of strength comparable
to that of the surrounding panel. By the very nature of the construction
process, the connection introduces natural planes of low stiffness and weak
ness in which large deformations (e.g., slippage) may be required for the
development of ultimate strength. Thus, connections are not just additional
elements to be designed based upon an overall analysis procedure, rather they
may in themselves provide a fundamental mechanism for altering structural
behavior.

For a more in-depth review of panelized construction, several books and
reports are available. For general design considerations that are non-seismic,
the books published by Lewicki [41], Seb.estyen [93], and Koncz [38] provide
excellent material. A recent publication by the Prestressed Concrete Insti
tute entitled Design Considerations for a Precast Prestressed Apartment Build
~ [20], presents a compendium of papers covering the step-by-step design of
a panelized structure. The only two works that directly address seismic de
sign in panelized construction are by Polyakov [76] and Suenaga [100]. Poly
akov's book is a general text, Design of Earthquake Resistant Structures,
while Suenaga's report is a state-of-the-art compendium for Japan.

SEISMIC DESIGN CONSIDERATIONS

From a seismic perspective, limited experience has indicated that panel
ized construction will generally behave in a favorable manner in terms of
serviceability considerations in moderate earthquakes. The major design issue
is the behavior of such structures in earthquakes relative to ultimate limit
states; that is, their inelastic behavior under severe earthquakes, where
freedom from collapse and damage limitations are the principal criteria. Fail
ure, in terms of ultimate limit states, can be defined in terms of component
failure, excessive deformation or loss of overall stability.

Component failure can be defined as the inability of a given component
to carry or transfer the required load. Excessive deformations would not
initially appear to be a problem in such structures; however, the allowance
for slippage in connections and coupling effects of lintels may potentially
lead to excessive deformation. Instability could result from an overall
softening of connection and loss of continuity if there is excessive degrad
ation of connection regions during an earthquake. In light of the above con
siderations, the following are identified as areas of concern: 1) design
force levels; 2) design of panels; 3) design of connections; 4) role of floor
diaphragm; and 5) overall structural integrity.

In commenting on appropriate force levels for the design of panelized
construction, reference is made to the basic design practice of using static
ally equivalent lateral forces and either using an allowable stress design or
a load factor ultimate strength design approach. The important issue in terms
of these design practices is the concept of ductility implied by current
codifications. Quoting from Speyer's report [98] for the PCI on Precast



Concrete Bearing Wall Buildings:

Large panel structures constructed in accordance with this report
should be considered non-ductile, unless they are continuously
reinforced for their full height (in accordance with Reference 1)
or are post-tensioned to insure ductile behavior.

Because shear walls are often load bearing walls, the need for continuous ten
sile reinforcement is often minimum and the development of true flexural duc
tility is questionable. The question of ductility, however, is not so easily
dismissed, for the real issue is one of energy dissipation.

Current seismic design procedures used in the United States are based
on the premise that the structures are built with sufficient 'ductility' to
allow the structure to survive a major earthquake. The 'ductility' or energy
dissipating mechanism most widely accepted is associated with flexural inelas
ticity. Flexural inelasticity can be easily developed in frame type struc
tures, and these concepts have been extended to cast-in-place shear walls
[6,62]. The development of such flexural ductility in panelized structures
may not be feasible. While ductility for framed structures is generally
assumed to be in excess of 4, Borges has suggested that panel structures may
have comparable ductility factors of less than 2 [8]. The question, then, is
how do precast concrete panel building dissipate energy when subjected to
major seismic excitation. The corollary question becomes, what are appro
priate design forces for such structures.

The design of the actual precast panels is potentially the least dif
ficult aspect of panelized construction. Connections are generally the weak
point in terms of overall bending, axial and shear behavior for a panelized
shear wall. The design of the panels must, however, consider questions of
out-of-plane stability [39], eccentricity of load, reinforcement around pene
trations and interfacing with the connection zone. The need to detail the
panel for connection is considered a part of the connection design, not the
panel design.

The design of connection details has generally involved balancing the
goals of economics and ease of construction on the one hand, with the con
flicting needs of load transfer and continuity on the other. These conflicting
goals make it difficult in many panelized systems to economically achieve a
positive continuity in reinforcement. In non-seismic regions, the tendency
has been to design vertical joinery capable of developing coupled behavior
between adjacent vertical elements. This stems from a desire to minimize
deformations due to wind by developing the full bending stiffness of a given
wall system. In such design situations, the horizontal connections have been
seen in terms of their ability to transmit vertical loads. In general, the
connection would stay in compression due to the prestressing effect of gravity
loads.

In seismic situations, the questions of joint behavior may be viewed
from a different perspective. Some movement in vertical connections may be
f~ndamental to the energy dissipation mechanism and may not adversely effect
resistance against overturning. Secondly, tension across horizontal connec
tions must be considered a possibility along with the concurrent redistribution
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of shear stresses in the horizontal plane. Along with the possibility of
tensile strains comes the increased demand for compressive load transfer
and a concern for the nature of the ultimate and cyclic behavior of horizontal
connections in terms of gravity load transfer.

It is common in lateral load design to consider that the floor acts as a
rigid shear diaphragm distributing lateral forces in a given level of a build
ing. The relative stiffness of floor systems to shear walls in some panel
ized structures may call this assumption into question. If floor diaphragms
behave in a relatively flexible manner, two issues are to be raised. First,
how does such flexible shear diaphragm behavior effect the overall response
of the structure; and second, to what forces and displacements will such a
flexible floor be subjected.

The potential degradation of the
connection areas during a severe earth
quake may bring the overall stability
of the system into question. This con
cern is identical to that expressed
over progressive collapse due to an ab
normal load. The assurance of a general
structural integrity [26] is paramount
in providing an aseismic design. The
development of such integrity requires
continuous reinforced ties (see Fig-
ure 5) throughout the structure [26,
98]. These tie requirements are not
intended to supplement traditional
strength requirements, rather they are
intended to hold the structure together
in order to provide stability in a
damaged state.

Figure 5 Tie Reinforcement Rec
ommended by PCI [98]

BEHAVIOR OF COMPONENTS

This section of the paper discusses the component parts of panelized
construction. In order to understand the behavior of the entire system, it
is first necessary to understand the behavior of its component parts. The
material covered will emphasize those aspects of behavior most relevant
to the seismic response of the system. Three components will be covered:
panels, connections and floor systems.

Panels

Under seismic conditions, a panelized wall will behave in a manner simi
lar to an axially loaded (prestressed) cantilever beam. The panels must be
capable of carrying in-plane axial, bending and shear forces. In addition, a
panel may be subjected to local out-of-plane bending due to lateral accelera
tion or wind forces. During earthquakes, the panelized wall, and thus the
panel, must resist the overturning moments and shears. The overturning mo
ments give rise to axial forces within the panel which are additive to the
compressive force associated with gravity load. Thus, the primary considera
tion for panel design, in terms of seismic safety, is their ultimate behavior



under shear and axial loads. The effect of load reversal on this behavior
must be considered along with the panel's potential capability to dissipate
energy.

There is a wide range in the size of wall panels used throughout the
world [22,33]. Panels are generally a single story in height, though a sig
nificant exception is the use of full building height panels (2 to 4 stories
in height) for lowrise structures [83]. The width of panels ranges from 2
meters (6.6 feet) to 13.7 meters (45 feet), though the narrower panels are
not common as major building elements in the United States. The multi
functional use of panelized walls gives rise to various cross sections: solid,
solid ribbed, composite sandwich, non-composite sandwich and hollow core [39].
Walls may also be solid in elevation, or have significant penetrations in the
form of windows or doors.

The remainder of this discussion will be addressed to panels wpose cross
section is solid, though the comments hold in general for all wall'panels.
While this discussion is directed at panel behavior, it must be remembered
that panel strength can be adversely effected by edge conditions. These edge
condition effects will be discussed in the next section.

A recent report by Kripanarayanan and Fintel [39], entitled "Wall Panels:
Analysis and Design Criteria," presents an excellent summary of wall panel
design methods for normal loadings and recommended design considerations to
include the effects of abnormal load conditions (but not earthquake loads).
The emphasis of this report is on the behavior of the wall under combined
axial loads and out-of-plane bending, where the out-of-plane bending is due
to normal forces on the wall and eccentricities due to joint configuration
and fabrication and erection procedures. Overturning moments due to lateral
loads are considered to induce additional axial forces in a "critical strip."
The report concludes by suggesting two wall designs: a peripherally rein
forced panel when strength and serviceability requirements do not necessitate
vertical steel, and a uniformly reinforced panel when vertical steel is re
quired. Another form of reinforcing has been suggested for panels. This is
a ladder form in which paired vertical bars are placed at intervals within
the panel [42,76].

Under normal loading conditions, it is possible to design panelized
walls in which no tension occurs due to lateral loads. This zero tension
condition may even occur when code earthquake design forces are considered.
However, Frank [29] has shown that tension does occur in even moderate earth
quakes (10% peak acceleration).

To achieve ductile behavior in a wall in which tension exists, Appendix
A of the ACl Code [2] requires that a minimum amount of steel be placed at
the extreme ends of the wall. For a wall panel that is 7.3 meters (24 feet)
long and 20.3 cm (8 inches) wide, this would mean a~proximately 45 cm2 (7 in2

)
of Grade 60 steel at each end, or 27.2 cm2 (4.22 in ), suggested by Allen,
et al [1]. The use of this much steel would place severe economic and con
struction constraints on the use of panelized construction. Even if this
level of reinforcement were placed in the panel, it would be difficult to
make it continuous through the connection. The suggested vertical tie steel
recommended by the PCl for abnormal loads [98] is only a total of 22.6 cm2
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(3.5 in2 ) for both ends of the panel. It is reasonable to conclude that in
terms of both ACI Code [2] and other recommended practices [I], for achiev
ing flexural ductility, that panel structures used in the United States are
generally non-ductile structures. This conclusion is specifically addressed
to flexural ductility and not the structure's overall energy dissipating
capabilities.

The shear capacity requirements for panels under normal loading con
ditions would seldom require reinforcing. However, Appendix A of the ACI
Code [2] requires a minimum amount of uniformly spaced vertical and horizon
tal steel in a shear wall (0.25%). In panelized construction, cracking due to
shear is generally not expected because of the weakness in shear of the hori
zontal connection. However, the need to transmit shear forces through a
panel can lead to significant inelastic behavior in a penetrated panel [13,100].
This inelastic behavior may indeed provide flexural ductility by bending in
posts and lintels and can be the basis of energy dissipation. This form of
mechanism may be possible in solid walls through the use of such details as
the slitting introduced by Muto in shear panels for framed structures [54].

Observations of earthquake damage in panelized construction have always
indicated cracking in connection areas and seldom any signs of distress in
the panels [75,76]. While designers may attempt to' harden connections to
induce failure in panels, both current evidence and practical consideration
seem to indicate that panels will not be the main source of inelastic response.
This can obviously be changed by the purposeful design of panels to dissipate
energy through controlled shear distortions. It seems, however, that normal
flexural ductility of the wall cannot be counted upon as an energy dissipating
device and that other mechanisms, though potentially less efficient than
flexural ductility, must be considered.

Connections

Connections are the critical component in panelized construction with
respect to acceptable seismic response. Connections are normally thought of
as the mechanism by which the panels are joined and the load transferred.
However, they may also serve as regions of energy dissipation. Indeed, if
the panelized walls are not appropriately reinforced for overall flexural duc
tility, or panels specifically designed for energy dissipation in shear dis
tortion, the connection regions may provide the primary means of energy
dissipation.

The most complex connection, in
terms of load transmission, is that of
an interior horizontal connection. Fig
ure 6 illustrates the load transmis
sion function of a typical horizontal
connection. The main load transfer
characteristics of the connection are
its ability to transfer shear forces and
axial panel forces. In vertical con
nections only shear transfer capability
is normally considered. The remainder
of this section is divided into three

WALLPA~~Q
~l~

HORIZONTAL )
CONNECTION FLOOR PANEL

Figure 6. Force Transmission in
Horizontal Connection [26]



portions. The first two discuss the transfer of axial panel forces, that is,
compressive and tensile forces, transverse to the connection. The third
examines the transfer of shear forces under monotonic and cyclic loading.

Transfer of Compressive Forces -- The load bearing capacity of a panelized
wall is usually limited by the strength of its horizontal connections. Within
the connection region there can be as many as five different materials: the
wall panels, the floor planks, bearing material for the floor planks, grout
and dry pack concrete. Several factors contribute to an extremely complicated
load response behavior: the potential variations in material properties,
the range of connection reinforcement, the complex load conditions and the
sensitivity of the connection to creep and shrinkage effects. In addition,
if the panels place any rotational restraint on the floor planks, negative
moments will be induced in the plank under normal loadings; in turn, these
moments create additional stresses in the connection region.

The behavioral complexity of the connection is evidenced by the consider
able variations in joint design procedure found throughout the world [1,34,
41,45]. The main concerns, in terms of seismic response, are the failure
mechanisms for these connections, the ultimate response (load-deformation be
havior) and the effect of cyclic loading. Of particular concern is the pos
sibility of brittle behavior within the connection region because of the lack
of confining reinforcement. Unfortunately, almost all experimental data cur
rently available is in terms of the connections' ultimate strength, with lit
tle, if any, data on load deformation behavior or the effects of cyclic
loading.
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Figure 7 shows the cross section
of a typical horizontal connection in
the United States. Of particular note,
relative to European connections, is
the hollow core prestressed planking
and the use of a bearing material. The
experimental work carried out on this
type of connection has in general been
done on a proprietary basis for indus
trial groups [11]. However, HUD spon
sored work on these connections is now
being carried on by the Portland Cement
Association Laboratory [27]. Both the
proprietary and PCA experimental work
indicate that these platform connections
can have significantly lower capacity
than the gross capacity of the adjacent
wall, and that the behavior can be some
what brittle.

Cast-in-ploce
grout

Dry pock

Continuous
Paper or plastic Bearing pod
dam

Figure 7: Typical American Plat
form Connection [26]

Experimental work currently available from outside of the United States
[4,41,45,46] confirms the above comments about joint strength. Figure 8
shows the failure patterns observed by Lugez. The cross-sections shown in
Figure 8 show the two most common horizontal connection types: platform, or
closed connections, and wedge connections. In another series of experiments,



1762

., ).~,,,..., ,,.
I.~, •.,." .

,
I!

Lugez and Zarzycki [46] studied a wide range of joint parameters with results,
expressed as the ratio of connection strength to gross panel strength, ranging
from a high of 0.88 to a low of 0.19. In a comparable finite element, analy
tical study, Backler et al [4] found that the joint strength ranged from a
high of 0.51 to a low of 0.17 of the wall strength. Similar analytical studies
have been carried out by Iqbal and Fintel [34] to examine the effect of various
connection parameters. Figure 9 shows results in which the connection grout
is 0.36 as stiff as the floor plank.

m et*·[~-2FO.M CONNECTIONS'
4-J ~ .

Jl £ ,Jl,
~DGE C~NECTIO~

Figure 8: Typical Compression Failures
in Horizontal Connections [45]

Figure 9: Principal Stresses in
Horizontal Connection [34]

The 'experimental and analytical results cited above are not necessarily
typical of the range of expected connection behavior. It must be remembered
the lower bound of these studies is generally for connections purposefully
designed to fail at low load levels. In addition, the strength comparisons
are against the crushing strength of the wall with no consideration of stabil
ity effects. Regardless of these qualifications, the horizontal connection
region must be looked upon as a potential location for failure during an
earthquake, where the main failure mechanisms, tensile splitting or crushing,
are generally of a brittle nature.

Several modifications of panel walls are possible to help avoid this
splitting type failure. The simplest in to carefully control the material
properties of the grout and dry pack concrete to reduce the possibility of
high tensile stresses [34]. This approach might still leave the connection
with a reasonably brittle characteristic. The use of transverse reinforcing
near the edge of the panel would give the panel a post splitting strength
[39,42,83] and potentially provide a more ductile failure. Polyakov [76]
cites Russian practice as requiring the use of corbels at the top panels to
support the floor system for long span lengths. This has also been suggested
for American practice by Buettner [11].

Transfer of Tensile Forces -- While it is possible to have a no-tensile
strain design situation in load bearing panelized walls, non-load bearing
walls and the demands for ductility in load bearing walls require the develop
ment of some reinforced flexural strength. The development of continuity in
the necessary tensile reinforcement presents one of the more difficult detailing
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problems in panelized construction. The ACI minimum reinforcing requirements
and the PCI recommended tie requirements both require the development of con
tinuous reinforcement in excess of 0.15%.

While some systems use welding as a means of developing reinforcing con
tinuity across the connection[76,85,100], this is generally considered unecon
omic for American practice and also questionable from a quality control per
spective. The potential lack of adhesion between the precast panels and the
in situ connection concrete may have the effect of localizing the yielding
of tensile reinforcement in the connection region. One must also keep in
mind that this steel will, in all likelihood, also serve as p~rt of a shear
friction mechanism. Another potential solution is the embedment of reinforc
ing bars or loops into the grouted connection; however, this solution is
questionable because of the potential loss of continuity with connection
degradation.

The Japanese have developed an effective sleeve splice, which has under
gone extensive testing[lOl] and has seen use in major structures in earth
quake regions [55]. Suenaga has done experimental work on panel subassemblies
comparing the behavior of this type of connection with that of a more tradi
tional welded connection[lOO] indicating excellent behavioral characteristics
for the sleeve splice. Another approach for the development of normal rein
forcing patterns is to grout the reinforcing bar into the panel with adequate
development length, thus each bar passes continuously through the connection
region [82]. This type of connection may be subjected to a cyclic degradation
of bond strength as indicated in the work of Bresler and Bertero [10].

Special welded details have been developed in which the main reinforcing
in the panels is welded to connection plates and in turn these plates can be
welded together in the field [85]. These welded connections can provide re
quired vertical continuity, but to avoid brittle behavior, the failure mechan
ism must be yielding of steel within the panel. In addition to these welded
connections, bolted connections have also been used for vertical continuity [96].

Two additional techniques have been developed for providing vertical con
tinuity in the panelized wall. A system currently in use in Venezuela [86]
places reinforcement in the vertical connections. The amount of reinforcement
required for earthquake protection might effectively make this a cast-in-place
column. A method in use in the United States developes vertical continuity by
the use of ungrouted post-tensioning bars [28,53]. It is felt by designers
using this method, that by having a low initial prestress, the bars would re
main in the elastic range during seismic excitation.

As can be seen from the above discussion, there is a wide range of solu
tions for achieving vertical continuity. Few of these methods offer the oppor
tunity to economically develop the required minimum reinforcement for flexural
ductility. Moreover, very little experimental or theoretical data is avail
able to justify design assumptions required by many of these methods. As
was mentioned earlier, the development of flexural ductility, requiring verti
cal continuity of minimal reinforcement is difficult in panelized construc
tion. However, the potentially more important issue is the maintenance of
stability in an earthquake damaged structure. This definitely requires the
development of vertically continuous reinforcement.
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Transfer of Shear Forces -- In order
for a panelized shear wall to effectively
resist lateral forces, both vertical and
horizontal joints must be capable of
transferring shear (see Figure 10). When
serviceability considerations dominate
design, a strong emphasis has been pla
ced on developing the shear transfer
mechanism for vertical connections.
This concern reflects the desire to
provide a stiff structure in order to
minimize lateral drift. Seismic design
must consider the ultimate behavior of
the structure. Under these circumstances
it may be reasonable to allow some move
ment to occur within the vertical joint.

----->--.

Figure 10: Shear Transfer in
Panelized Wall

Movement or slippage may well have a positive impact upon overa~l seismic
resistance by decreasing the stiffness of the structure and providing a poten
tial mechanism for energy dissipation. The tensile and compressive forces in
the wall may increase if the seismic forces are not decreased by the slippage
in the vertical connection. With the potential of increased axial forces
and the need to transfer shear, the horizontal connection becomes a critical
design consideration for the panelized structure. As with the vertical con
nection, the horizontal connection can provide a source of energy dissipation.
However, it is imperative that this connection maintain its overall integrity
because of its role in the stability of the structure. If tension is allowed
to develop across the horizontal connection, the redistribution of shear forces
will place a significant demand on localized portions of the connection and
adjacent panels.

There are basically two types of connections for developing shear trans
fer capabilities: wet connections (using reinforced or unreinforced cast-in
place concrete) or dry connections (using bolted or welded metal details).
Wet connections provide for a uniform shear transfer across the length of the
connection, assuming there is no tensile strain across the opening. Dry
connections aggregate the forces to be transferred to a prepared detail. As
suming that the design of the bolting or welding is such as to avoid brittle
failure, the behavior of dry connections will depend upon how the connection
detail is anchored to the panel. This anchorage is usually provided by em
bedded reinforcing bars or shear studs; however, details can be directly at
tached to the main reinforcement of the panel [76,85,100].

Behavior of Wet Connections in Shear -- The shear behavior of wet con
nections is dependent upon four basic parameters:

Concrete Strength - of both the precast panels and for the in-situ
connection concrete.

Surface Preparation of Panels - panel edges may be left plain or they
can be grooved or castellated (see Figure 11).
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Connection Reinforcement - this
steel within the connection.
within the connection as well

includes type of steel and location of
Steel is often used longitudinally
as across the connection.
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Force Transverse to Connection - this force can be from gravity loads
or post-tensioning.

Figure 11: Typical Panel Edge Preparation Figure 12: Failure Modes in Castel
lated Connections

There are two shear transfer considerations in wet connections: slippage
on the panel connection interface and shear distortion and degradation of the
in situ connection concrete. In the case of castellated connections, it is
possible to have shear related failures (i.e., cracking or crushing of con
crete) in either the panel or in situ connection concrete (see Figure 12).
The transfer of shear across the interface can occur through one of three
mechanisms: cohesion, friction (and dowel action), and direct bearing (in
castellated connections only).

Under constantly increasing shear,
two basic types of load-deformation re
sponses have been observed: Figure 13
shows a typical load-deformation rela
tionship for a plain or grooved con
nection. This type of curve represents
a shear friction mechanism, with the
characteristic strength often taken at
1 mm (0.4 in). Laboratory experiments
are generally run on precracked or oiled
connections, thus avoiding the possible
influence of bonding (i.e., adhesion)
between in situ connection concrete and
the precast panels. The nature of the
construction process and the effects of
creep and shrinkage are normally con
sidered to destroy bonding in the con
nections.

--------------,,!!!!!1~

gc= ImmRELATIVE DISPLACEMENT, 9 9.

Figure 13: Behavior of Plain Con
nection under Constantly
Increasing Load [40]
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Figure 14: Effect of Bonding on Con
nection Behavior [40]

When bond is present, the load
deformation behavior of the connection
may be significantly altered. Figure
14 indicates the two possible effects
of bonding: weak bonding and strong
bonding. The strong bonding case can
have strengths as high as 3 or 4 times
that associated with shear friction
mechanisms [40]. If such strong bond
ing does occur in portions of a panel
ized structure, higher seismic forces
and less ductile behavior may result
[36]. In effect, strong bonding can
lead to more monolithic behavior, which,
for panelized structures, may be un
desirable.

WEAK BONDING

CRACKED JOINT STRENGTH

I
I
I
I
I
I

STRONG BONDING

The ultimate shear strength of castellated or keyed connections is depen
dent upon shear transfer through direct bearing of the keys and in situ con
nection concrete, along with shear friction. Figure 15 shows a typical load
deformation relationship of a castellated or keyed connection. The signifi
cant difference between the castellated and plain connection is that the con
nections' ultimate strength drops off with increasing deformation. The de
crease of strength is normally associated with the degradation of the direct
bearing transfer (see Figure 12). The residual strength is associated with
a shear friction mechanism. A significant difference between the ultimate
strength of the connection and its residual strength may, as in the case of
strong bonding, lead to less than desirable seismic response. The ultimate
strength of keyed connections is very dependent upon the characteristics of
the keys, as can be seen in Figure 16. Figure 16 is from a report by Hansen
et al [32] in which theoretical strength contours are plotted as a function of
the ratio, B/A, between the cross sectional area of the keys, divided by the
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16: Influence of Keyes and Re
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Shear Strength of Connec
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Figure 15: Behavior of Castellated
Connection Under Constantly
Increasing Load [40]
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area of the overall connection. The residual strength of the connection, how
ever, as seen in Figure 15, is far less dependent upon the geometry of the
castellations [40].

Both the ultimate strength of plain connections and the residual strength
of castellated connections are dependent upon shear friction mechanisms. The
clamping forces required for this mechanism can come from either transverse
steel and/or gravity loads. The majority of researchers indicate very little
influence from dowel action. Figure 17 and Figure 18 present envelopes
for experimental data on the shear deformation behavior of plain and castel
lated connections respectively. Both of these Figures include experimental
results for both horizontal [ 5, 24, 80 ] and vertical connections [ 77, 78
79, 80 ]. The load axis has been normalized by dividing the shear force
by the clamping force, N + Asfy , where N is the transverse load, As the
transverse reinforcing steel, and f y the yield strength of the reinforcing
steel. Thus, the vertical load axis is effectively the coefficient of fric
tion,~. For the plain connections, ~ ranges from 0.65 to 1.00. This upper
bound is the value recommended by section 11.15 of the ACI Code [2], while
the lower bound is closer to the 0.7 value recommended by several researchers
[24 ], and the 0.6 value recommended by Mattock [52] for smooth concrete.
Results for specimens with strong bonding (see Figure 17) indicate the poten
tial drop in strength with bond failure. While all of these results are for
situations with either a compressive transverse load or no transverse load,
other reported experimental results seem to indicate the same basic effect
for transverse tensile forces [75], until N exceeds Asfy . However, these
values are based on monotonically increasing loads and ao not account for the
possible degradation of the friction mechanism due to seismic reversals.
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The experimental results for castellated connections have been plotted
(see Figure 18) with the same vertical axis as the plain connections. This
creates a greater dispersion in ultimate loads than if the direct bearing
effect of the keyes had been included; however, it does allow for the examin
ation of the residual strength. The range of ~ values associated with this
residual strength is far greater than for plain connections, ranging from 0.5
to 1.5. This dispersion of results is probably due to the damaged state of
the connection after the failure of the direct bearing mechanism.
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The above discussion has been based upon experimental work for constantly
increasing loads. For seismic design, it is necessary to consider the response
of connections to load reversals. The experimental results available for such
loadings are quite limited; however, it is possible to ascertain several per
tinent behavioral characteristics from the data available. The decrease in
ultimate load capacity for castellated connections due to cyclic loads has
been examined by Pommeret [SO]. In these experiments, the number of cycles to
failure was determined for rep~titious peak loads at a specific fraction of the
connections' ultimate capacity (see Figure 19). Typical results are: 6 cycles
to failure for ± 0.9lTu ; 16 cycles to failure for ± 0.S2Tu ; and 979 cycles to
failure for ± 0.73Tu [40]. The definition of failure in these tests is simply
the inability to achieve the prescribed load level. It was observed that while
the cyclic loads could have a significant effect on the peak load values, they
did not appear to effect the residual strength of the connection. Controlled
deformation tests were also carried out [40]; the magnitude of the limiting
deformations (+ 0.1 mm) carried the connection to only 70% of its ultimate
strength. These experiments did not test the connection to the extent needed
for predicting ultimate seismic response; rather, they showed a distinct sta
bility limit at about 70% of the ultimate capacity of the connection. Some
cyclic tests for predicting earthquake response, recently reported, indicate a
significant degradation of connection stiffness, in the range of 65 to 70% [SS].
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32, '0.9Vu,====:t====::;'7\
30,tO.82Vu
25,tO.74Vu
20,tO.66Vu
15,tO.58Vu
10,tO.5V.,...--
5,tO.5Vu

DISPLACEMENT

0.4
mm

Figure 19: Schematic of Load Controlled
Cyclic Tests [40]

Figure 20: Shear Friction Transfer for
Cyclically Reversing Loads
[51]

Once shear forces exceed the ultimate strength in castellated connections,
their behavior, along with that of plain connections, should be similar to that
associated with shear friction. A difference in this behavior might occur in
the presence of a transverse load which would not require slip for the clamp
ing force to be generated. The work on the cyclic characteristics of shear
friction mechanisms in particular [51,61] and shear failures in general [47,
Sl] provides a basis for predicting the hysteretic behavior of connections.
Figure 20 presents selected hysteresis loops of a cyclic shear friction test
reported by Mattock [51]. These tests were load controlled, with the load
being increased after each 5 cycle interval. The pinched hysteresis loop, a
long with the increasing stiffness near the end of the cycle, seen in Figure
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20, may be typical of cyclic shear behavior to be expected in the connections
of panelized construction. On the basis of these findings, Mattock suggests
that a dynamic shear friction coefficient that is 80% of the static shear
friction coefficient be used in seismic design. If this recommendation is
coupled with the recommended static friction coefficient of 0.7, mentioned
earlier, a coefficient of approximately 0.56 should be used for seismic design
of panelized connection. The degraded friction coefficient is still somewhat
high when compared to that used by Brankov and Sachanski [9 ], ~ ; 0.4, for
nonlinear analysis of panelized construction.

Transverse reinforcement in vertical connections may be placed uniformly
throughout the connection or concentrated in the horizontal connection. This
latter approach was suggested by Backler, et al [4] as providing a ductile
connection.

Figure 21: Cyclic Testing of Ver
tical Lock Joint [72]

kN
200

TYPICAL FORCE- DISPLACEMENT
DIAGRAM

TESTING
APPARATUS

Experimental work on a similar type
of connection, referred to as a vertical
lock-joint, has been carried on by Pol-
lner [72,73]. Figure 21 shows both the
testing apparatus used and typical re
sults for a static alternating load.
The resulting hysteresis loops appear
to be fuller than Mattock's shear fric
tion results and closer to shear domin
ated beam behavior [47] or Pauley, et
aI's [61] results for construction
joints in shear walls. The connect.ion
in Pollner's experiment is under some
axial load, which may account for the
fuller loop. The existence of this
fuller hysteresis loop, also observed
in the work of Suenaga [100], indicates
that panelized connections may have
energy dissipating characteristics
superior to that associated with shear
friction achieved with only transverse
reinforcement. It is the existence of this potential source of energy dissi
pation that has led some researchers to conclude that panelized construction
may have reasonable damping characteristics when subjected to seismic excita
tion [5,21,100]. If connections are to be regions of energy dissipation, then
care must be taken to provide connections that have reasonable hysteretic be
havior. If this is to be the case, more work is required to determine appro
priate connection configurations.

Behavior of Dry Connections in Shear -- Dry connections are often used
for the vertical connection of panels in systems found in the United States.
However, these connections are by no means limited to this use. Whenpanels
are joined by dry connections, the space between the panels is often grouted.
In these cases, the shear transfer mechanism has been found to be shear fric
tion rroa, rather than the explicitly developed dry connection. It is im
portant for the designer to realize that if grout is used in the connection,
the dry connection details may be subjected to forces associated with clamp
ing rather than shearing action.
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Figure 22: Cyclic Testing of Dry Connections
[97]
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"

A.
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TESTING APFMATUS
Dry connections can fail

either in the connectors, that
is the failure of a weld, bolt,
or connection detail, or the
attachment of the connectors
to the panel. While it may be
possible ~o develop details
that in themselves may exhibit
ductile behavior [96], the
more probable inelasticity
will come from the means of
attachment to the panel. While
large weldments may be used
[85], the usual dry connection
found in United States con
struction more frequently uses
small scale welded [83] or
bolted details [96]. Spencer
and Neille [97] have conducted a
series of cyclic load tests
on a typical embedded con
nection. The results from
two different experiments are
presented in Figure 22 along
with the testing apparatus.
One set of results (a) is for
an experiment in which loadings were displacement controlled after initial
yield. The second set of results (b) is for a connection that was continually
overloaded. Spencer and Neille concluded that these connections, if properly
designed, would allow for significant inelastic deformation and could be used
in earthquake resistant design. The actual energy dissipating characteristics
look similar to that seen in wet connections. However, appropriate design
must include embeddment into, if not attachment to, the main panel reinforce
ment, in order to avoid a complete loss of strength.

Related experimental work has been carried on at the University of Michi
gan [35]. This research examined the seismic upgrading of frame structures
by the use of cast-in-place or precast infill panels. One option was the
use of small infill panels welded together with embedded connections. It
was concluded that this small panel option had significant ductile behavior.
While all of this ductility was not concentrated in the connections, the con
nections did contribute to the overall ductility of the response.

The limited data available on dry connections suggests that they can be
used effectively in seismic design. However, the actual data base is far
too small to reach any substantial conclusions. It seems apparent that for
dry connections to be effective, inelastic behavior in the panel, at least
in a local region, must be expected and accounted for in design.

Floor Systems

The floor systems in panelized construction, as with any building system,
act as shear diaphragms during an earthquake. This action as a shear dia
phragm or shear beam, requires that the floor system be tied into the vertical
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elements of the structure and that the precast elements of the floor system
be tied together in order to act as a shear beam. To achieve shear beam
action from the precast floor elements, the general design approach is to de
velop shear transfer capabilities between the floor panels and use perimeter
reinforcement to hold the system together and provide tensile reinforcement
for flexure. Work reported by both Polyakov [76] and Lewicki [42] indicate a sig
icant decrease in shear diaphragm rigidity in panelized systems when compared
to cast-in-place systems. Normal analysis and design procedures assume floor
diaphragms to be rigid relative to lateral load resisting systems. This
assumption is reasonable for framed structures when contrasting the stiff
monolithic floor with the flexible frame. In panel structures, however, this
assumption becomes questionable when contrasting the more flexible precast
floor with the stiff walls. This decrease in relative rigidity may well lead
to an active participation by the floor in the dynamic response of the system.

iii I I I I I I

WALL PANEL

"

J r H H 1l 1l 1l
-- ---~;-: "'"- ":.. ~":.-." - ... :::, ... '"

I I I I i I I I I

A

B

Figure 23: Potential Diaphragm
Action

Shear transfer in untopped floor
systems is usually achieved by grouting
floor planks together (see Figure 24)
or, in the case of tees, through the
welding or bolting of embedded dry con
nections. Since these dry connections
are similar to the ones discussed in
the previous section, the remainder of
this disucssion is directed toward
grouted precast floor planks.

Floor systems often found in the
United States are constructed out of hol
low core precast planks or precast tee
or double tee sections. Design practice
has often been to cast a topping layer
on these systems reinforced by welded
wire fabric [83]. The use of such a
cast-in-place layer greatly stiffens
and strengthens the floor. However,
precast planks and tees are also used
without toppings, which then requires
the development of shear transfer capa
bilities between floor elements. Fig
ure 23 illustrates the response normally
expected of precast floor systems. In
both cases shown in this figure, it is
necessary to place tie steel across the
ends of the floor elements [83]; in
Figure 23a the steel acts to clamp the
elements together and in Figure 23b the
steel acts as a tensile element in
flexure.

Figure 24: Grouting of Floor
Planks
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Figure 25: Cyclic Testing of Hollow
Core Prestressed Planks
[18]

ductility is excellent, but

Like the data available for the
compressive strength of horizontal
connections using pretensioned hollow
core planks, research on their shear
transfer characteristics has been con
ducted on a proprietary basis. These
tests have indicated a properly design
ed floor system can develop in-plane
shear friction coefficients in excess
of 1.0 when shear keyes or indenta
tions are placed on the plank's edge.
The only cyclic test data available
on these floor systems has been carried
out by Concrete Technology Associates
[18] (see Figure 25). The ultimate
shear capacity between planks was pre-
dicted to be approximately 356 kN (80
kips) using a shear friction coef
ficient of 1.0. The observed behavior
is that to be expected of a shear trans-
fer through friction, that is the deformational
the energy dissipation capacity is limited.

The connection of the floor to the vertical elements of the system is
generally achieved through the embeddment of reinforcement from the floor
system into the load bearing horizontal connection or the use of bolted or
welded connection details to non-load bearing walls. The development of a
full tie beam is of great importance in achieving favorable behavior of the
floor system. This requirement is identical to the tie requirements for
general structural integrity suggested by Fintel [26] and Speyer [98].

SEISMIC RESPONSE OF PANELIZED STRUCTURES

The ability to design aseismic panelized structures is dependent upon
the designer's thorough grasp of their potential seismic response. At their
most basic level, panelized buildings are a collection of vertical cantilever
beams. For low amplitude motion, panelized structures will behave in a manner
similar to any bearing wall structure of like geometry. However, as soon as
the response enters the nonlinear, inelastic range, panelized structures will
begin to behave in a distinctive fashion. This uniqueness comes from the
influence of the connections, in terms of both their stiffness and strength.
In addition to the effect of the connections, the seismic response of panel
ized structures is also strongly influenced by soil-structure interaction
and various types of coupling between wall elements.

Because of the limited experience with panelized construction in major
earthquakes, the data available on their dynamic characteristics is based on
both field work, that is, low amplitude shaking studies, and experimental
work. The experimental work covers a wide range from subassembly static
equivalent tests [37,86], to shaking tests [ 8,59,71,76], to ambient (wind
microtremors, quick release) vibration tests [59,76,99] and explosively simu
lated earthquakes [76]. Table I attempts to compile a cross-section of this
data in terms of primary periods and estimated damping coefficients. The
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results presented in Table 1 are for low amplitude motion and indicate very
stiff buildings with reasonably low damping coefficients.

The structures from which the information in Table 1 is derived are
generally not similar to American panelized structures. American systems
use fewer walls and would thus tend to behave in a somewhat more flexible
fashion. In addition, the damping coefficients have been estimated for low
amplitude vibration and may well be higher for larger amplitude vibrations.
Suenaga[lOl] has estimated damping coefficients of from 10 to 15% for large
amplitude motion. Suenaga's tests, as well as Borges' subassembly work [8,35,
10 0], were both for penetrated panels. The energy dissipating capacity of
such panels may well be in the flexural inelasticity of the lintels and
piers. If this is the case, the damping characteristics of a panelized struc
ture may be directionally dependent, that is, dependent upon whether the
panels are solid or penetrated.

Panelized structures are in gen
eral quite stiff, and thus their seis
mic response may be very dependent upon
the effects of soil-structure inter
action. The shaking tests by both Pet
rovski [71] and Borges [8] have indi
cated significant modification of the
primary mode of vibration. Figure 26
is typical of such results and clearly
shows both a rocking and swaying motion
in the primary response. Russian work
has also indicated that for shallow
foundations, the primary response may
well be a simple rocking motion [95].
Assuming a stable response, this modi
fication due to soil-structure inter
action may have a beneficial effect,
by both increasing the primary period
and adding significant damping.

1.00

0.890

0.830

0.715

0.645

0.530

0.450

0.380

0.290

0.202

0.145

Figure 26: Primary Longitudinal Mode
Shape for Forced Vibration
Test, T=0.33 Sec. [71]

Since actual earthquake experience and experimental information is lim
ited, it is necessary for both the researcher and designer to turn to anal
ytical procedure to develop a generalized sense of seismic behavior. The
next portion of this section will briefly discuss the techniques available
for analyzing panelized structures. The three portions after that will dis
cuss specific behavioral and modeling questions: coupling effects, con
nection modeling and nonlinear panel behavior. Finally, the results of sev
eral analytical studies pertaining to American panelized systems will be
presented.

Methods of Analysis

While there are several similarities between analytical modeling of
shear wall systems and panelized systems, very little has been done that
directly addresses the dynamic modeling of panelized systems, particularly
in terms of nonlinear, inelastic seismic response. Accepting the analogy
between shear wall type structures and panelized systems, there are four



basic modeling techniques available: beam models, continuous medium methods,
frame analogy methods and finite element methods. These techniques repre
sent varying degrees of refinement. The beam and continuous medium models
are the simplest, and are commonly used for design. They are, however, only
directly applicable to a small range of problems. The frame analogy and
finite element methods, on the other hand, are applicable to a wider range
of problems.

Several summary articles are available that describe these analysis
procedures [26,29,48,66]. The following is a brief summary of the four
basic models.

Beam Models -- Beam models provide the simplest means of analyzing
panelized systems in which lateral rigidity is fairly uniform [60,66]. As
suming the beam to be cantilevered from its foundation and mass uniformly
spread over its height, simple solutions can be obtained for basic dynamic
behavior. Polyakov has modified this model in developing an approach for
considering the effect of floor diaphragm flexibility [76]. This basic
beam model can also be modified to carry out simple nonlinear inelastic
analysis [8].

It is also possible to use basic beam elements of one story high in dis
cretizing panel systems for computer coding. In this case, reasonably ac
curate primary mode responses can be obtained for structures greater than
five stories when considering only flexural deformations [29]. At the five
story height, an error of approximately 15% can be expected in the primary
period if shear deformations are not included. In taller structures it
may be necessary to include a rotational degree of freedom to accurately
model higher mode responses.

Continuous Medium Methods -- The continuous medium method is normally
employed as an analytical tool in the design of shear walls where irreg
ularities make it impossible to use the simpler beam methods. In this method
door and window lintels, floor slabs, and vertical wall joints are assumed
to be replaced by continuous bands of beam laminae or shear media [15,87].
These bands connect the continuous vertical elements to allow the system to
act in a coupled fashion. Under loading, the walls are deformed and shear
forces are induced in the beam laminae or shear media. Generally, it is as
sumed that properties remain constant over the height of the building, but
variations can be handled.

This method has found wide use in analyzing panelized structures [41,
70,94]. These uses have been directly analogous to those for shear wall
structures of like geometry. In addition to simple variations in elastic
shear stiffness, continuous medium models can also be used when the lintels
are considered to be elasto-plastic [94]. Petersson [70] has made use
of a modified continuous media method, a stringer method, in the analysis
of panelized structures for progressive collapse. Dynamic analyses, although
not commonly done, can be performed using continuous media methods by dis
cretizing the system in a manner similar to that in the beam method.

Frame Analogy Method In the frame analogy method, the structure being
analyzed is broken down into an equivalent frame system [3,41,48,49]. This
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system allows for greater flexibility in modeling diverse system geometries,
aspects of nonlinear behavior and certain connection details. While there
are several variations of this method, the most commonly used is built
around a line element with rigid ends and a flexible midsection which
can be deformed in response to axial, bending and shear forces. The frame
presents an excellent modeling tool for systems with penetrations which
create a system of coupled vertical elements.

Extensive modeling of panelized structures has been done using the frame
analogy [3,41,76]. The method lends itself to efficient large scale pro
grams for three dimensional analysis of shear wall type structures, for ex
ample, the Shear Wall portion of GENESYS [30]. Of particular interest are
the efforts to include the effect of connection regions in this procedure.
MacLeod has included the effects of vertical connections using spring ele-
ments [50] and Polyakov has suggested approaches for horizontal connections [76].

While the frame analogy lends itself to elastic analysis and can be
easily adapted for dynamic analysis, its use in the inelastic range is lim
ited. Aoyama [3] has successfully used the frame analogy in analyzing
panelized systems in the inelastic range when large penetrations allowed
flexural failure in the mulluions and assured a minimal distress in the con
nection region.

Finite Element Method -- The finite element method is the most versatile
of the modeling techniques used in analyzing the behavior of structural
systems. The method is basically a discretization process in which the
behavior of the actual structure is expressed by the response of a specified
series of nodal coordinates. This method has been extensively used in model
ing the behavior of shear walls [69,106,108] and panelized systems [9,23
29,44]. Specialized finite element programs have been developed for analy
zing panelized structures by Petersson [67] and Schwing and Mehlhorn [92].

In the linear elastic analysis of large structural systems, the size of
the problem can be reduced by employing substructuring [29,44,68]. In this
approach, the structure is divided into a series of smaller substructures
in which internal degrees of freedom may be eliminated through static con
densation. In the case of panelized structures, the partitioning of the struc
ture will generally correspond to the panels. The static condensation pro
cedure thus allows the creation of 'super' elements that correspond to
actual panels and can be assembled in a manner directly analogous to the
actual structure. This procedure has been used by Petersson [65,67], Frank
[29] and Llorente [44] in modeling the dynamic response of panelized struc
tures. Petersson's work was specifically directed toward progressive col
lapse, while both Frank and Llorente were concerned with seismic response.
Another approach for developing full panel finite elements has been the
experimental determination of the appropriate stiffness terms [23].

The successful use of 'super' elements, in terms of their numeric con
venience, depends upon the panel responding in the elastic range. All of
the researchers above have made this assumption in order to concentrate
their modeling effort in the inelastic response of the connection regions.
The problem of connection modeling will be handled separately later in this
section.
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Coupling Behavior of Panelized Shear Walls

The response of panelized systems can be extremely sensitive to inter
action between various wall elements. This interaction is often called coup
ling, though, in the context of panelized construction, the meaning is quite
broad. There are basically four types of coupling that must be considered:
in-plane coupling through window and door lintels, in-plane coupling through
vertical connections, coupling to a transverse wall through a vertical con
nection, and out-of-plane coupling of parallel walls through floor diaphragms.
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Figure 27:

In-Plane Coupling, Lintels -- In
plane coupling can have a significant
impact on the response of coplanar
shear walls [12,62,74]. The effect of
such coupling is twofold: the modifi
cation of wall stiffness and the poten
tial energy dissipation in the inelastic
response of the coupling mechanism.
Figure 27 indicates the effect of floor
slab coupling on the primary transverse
period for typical cross wall structures
of 5, 10 and 15 stories (the story
height is approximately 2.7 m or 9 ft).
The curves in these figures are normal
ized to the period of an uncoupled
wall, T*, and a stiffness based on full
(mid-bay to mid-bay) participation of
an uncracked, homogeneous floor slab,
K*. Suggested coupling stiffnesses by
Schwaighofer and Collins [90] and Tso
and Mahmoud [103] are also indicated on
the figure. This figure indicates the extreme sensitivity of coplanar shear
walls to any form of coupling.

In panelized construction, these coupling lintels can be created within
the precast concrete panels during the fabrication process, or by the pre
cast floor systems connecting the panels. In the case of the precast lin
tels, it is possible to put in adequate reinforcement to create a truly
ductile coupling member. When the coupling is due to precast floor elements,
particularly hollow core, prestressed planks, there probably will be a mini
mal coupling stiffness; however, even this minimal stiffness may have a sig
nificant impact in taller structures.

The effect of the inelastic response of the floor coupling mechanism has
been examined by several researchers [12,16,74]. Figure 28 shows the results
of a study by Burnett and Rajendra [12] which are reasonably typical of such
studies. Pauley [60,62] has suggested that the mechanism for in-plane coup
ling, such as a lintle, can be developed as an energy dissipator. While it
is highly questionable if precast floor elements can serve this purpose, it
may be possible to use the lintels within penetrated panels as energy dis
sipating mechanisms.
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In-plane Coupling, Vertical Con
nections -- In systems in which panels
are reasonably narrow (that is, a shear
wall is more than one panel wide), the
response of the system is dependent
upon the effectiveness of the vertical
connections. This coupling is achieved
through either wet or dry connections,
or in one reported case, horizontal
post-tensioning [99]. In nonseismic
regions, the effectiveness of the ver
tical joint has been of prime import
ance because of the emphasis on re
sponse to wind loads, that is, the de
velopment of stiff structures.
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Figure 28:Many studies have been carried out
to assess the effect of vertical con
nections [7,64,94]. Studies have been
done considering the vertical connection
as an elasto-plastic medium [12,94] and as a nonlinear, inelastic medium [74].
In general, these studies produce results similar tb those on coupling through
a lintel. The vertical connection, like the lintel, may present opportun
ities for energy dissipation. PolIner [72,73] has attempted to develop such
an approach with his work with lock-joints. The large panel sizes used in
American systems often do not require coplanar vertical connections and thus
lose this opportunity to develop an energy dissipating mechanism.

Coupling of Perpendicular Walls -- The coupling, or connection, of per
pendicular walls is often an important means of creating additional stiffness
and strength in panelized construction. This coupling can be used to create
T or I sections, or also to develop box type sections around elevator cores
and stairwells. In many systems used in the United States, this type of de
tail connecting perpendicular walls is often created by the use of welded or
bolted connections. The modeling of such connections requires a point trans
fer of forces. As was mentioned earlier, MacLeod [50] has suggested the use
of a spring or point stiffness coupling element in such cases. Work is cur
rently underway at MIT to model this form of perpendicular coupling and to
assess the effect of a degrading stiffness in the mechanical connector on the
overall seismic response of the system.

Out-of-Plane Coupling, Floor Diaphragms -- Both shaking tests of actual
structures [71,75] and theOretical studies [76] have indicated that the rel
ative flexibility of precast floor systems to panelized shear walls can have
a significant effect on the dynamic characteristics of a panelized structure.
This out-of-plane coupling by the floor diaphragm can effect both the overall
response of the structure and the distribution of seismic forces within the
structure. Polyakov [75] has recommended that this coupling effect always
be considered in the design of taller panelized structures.

Figure 29 shows the first four modes of vibration of a combination shear
wall and frame structure presented in Polyakov's book [76]. Of particular
interest are the first and fourth modes, which indicate a force distribution
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Figure 30: Three Dimensional Response
of Channel

significantly different than that obtained with the normal assumption of a
rigid floor diaphragm. The anti-symmetric second and third modes would not,
in theory, be excited during an earthquake. However, any nonsymmetric pro
perty of the structure, such as foundation conditions, might initiate their
participation in the seismic response.

The modeling of such three dimensional effects using finite element
procedures has been examined by Zienkiewicz and Paukeret[108]. Their find
ings indicate that shear wall type structures can be successfully modeled by
finite elements, considering membrane stresses and ignoring out-of-plane
bending. This work was carried out for static load cases, with a uniform
horizontal load. Petersson's program [67] is capable of such three dimen
sional modeling, as illustrated by his consideration of the torsional re
straint as a mechanism for avoiding progressive collapse [66]. Recent analy
tical studies carried out at MIT indicate that neglecting out-of-plane bend
ing may, when significant torsional effects are present, lead to significant
error. A channel section typical of stairwell bracing showed a 33% increase
in its primary period when out-of-plane stiffness was not considered (see
Figure 30). These preliminary results seem to indicate that the appropriate
ness of using only membrane stress elements is subject to some qualification.

Modeling of Connection Behavior

Nonlinear modeling of the connection areas under biaxial stress states
present special problems. Two basic approaches have been developed to handle
these. In the first approach, the connections are modeled as a series of
orthogonal springs. This procedure was originally used by Ngo and Scordelis
[58], who used these elements to transfer forces between concrete and rein
forcement in analyzing reinforced concrete beams. The model has since been
used by Franklin [25] to transfer load between reinforced concrete frames
and shear panels, by Yuzugulla and Schnobrich[106] in analyzing the behavior
of shear wall frame systems, and by Schwing and Mehlhorn [91,92] in calculating
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the stiffness of the linkage elements based upon load deformation curves
obtained from experimental tests. The stiffness of the shear spring is as
sumed to depend upon the load simultaneously present in the normal spring:
compressive stresses cause an increase in the shear capacity, while no shear
transfer takes place under tensile stresses.

In the second approach, the connections are modeled as anisotropic
finite elements. This is the approach used by Karrholm and Petersson [58,
63,66] in their work on the progressive collapse of panelized buildings.
They have defined stress-strain relationships for the various types of con
nections (horizontal, vertical, and intersection) which may exist in panel
ized systems. The response of the structure to the load, which may be applied
suddenly or in increments, is calculated for small increments of time accord
ing to these stress-strain relationships. Shear slip has also been incor
porated in these models, and has been assumed to occur when the shear stress
reaches 70% of capacity.

The nonlinear analysis of panelized structures presents an extremely
complex problem. Yet the above analyses were only for constantly increasing
loads. The complexity of the problem increases dramatically for reversal
type loadings (e.g., seismic response). Nonlinear behavior of the connection
under cyclic loadings may take several forms. First, there is the nonlinear
behavior (cracking and softening) of the in situ connection concrete. Sec
ondly, there is the possibility of the connection reinforcement yielding,
and thirdly, slippage may occur along the connection-to-panel interface.

Of these, slippage and degradation of the connection appear to be the
largest contributors to the nonlinear behavior of the connections. A simple
method of modeling these nonlinearities is the definition of a pseudo
shearing modulus. This was the approach followed by Frank in his studies
on the dynamic response of panelized systems [29]. Like Petersson, Frank
also used anisotropic finite elements to model the connections. This allowed
the bending and shearing modulii to be varied independently so a wide range
of potential behavior could be analyzed.

One of the potential problems that would be unique to panelized con
struction is a type of rocking motion that can occur in the plane of the hori
zontal connection and in the foundation [44,56,95]. While this may not be a
pure rocking motion, the inclusion of minimal reinforcing requirements has a
small effect at best. The recent work of Llorente [44] has attempted to
study this phenomena in the dynamic range. To carry out these studies, an
anisotropic model was used with a constituative relationship that allows the
transverse stiffness to go to zero under tensile strains. The analysis was
also extended to examine the behavior under a minimal amount of tensile stiff
ness or the inclusion of ungrouted post-tensioning bars over the height of
the structure. Results of this study will be included later in the paper.

In order to appropriately model the effects of the connection region in
terms of seismic response, it is necessary to develop models that will allow
for cyclic loading and stiffness degradation. The recent work of Brankov
and Sachanski [9 ] has suggested just such a model. This model includes
a degrading stiffness based on the cumulative displacement occuring during
the seismic response; however, it does not include a degrading strength.



Figure 31: Seismic Response Consid
ering Connection Behavior
[9]

The model starts with a degraded initial
state, that is, a shear friction
coefficient of 40%. Results of this
study are presented in Figure 31. The
solid line indicates the shears and
deformations associated when no move
ment is allowed in the connections.
The dashed line is for an analysis
achieved allowing for deformations in
the connection areas and the dotted line
is for deformations allowed in the con
nection area without any friction con
siderations in the connection areas.

Modeling of Nonlinear Behavior in Panels

All of the above analyses assumed
that the panels remained elastic. Non
linear panel behavior, however, could
play an important role in the seismic
behavior of panelized systems, espec~

ially when dry connections are used. Most of the research in the area of
nonlinear panel behavior has centered on modeling the response of single
panel units. This research has been basically concerned with their use
as infill shear walls.

Of the models available, the models developed by Cervenka and Gerstle
[14] and Darwin and Pecknold [19] appear to be the most advanced. In these
models the basic nonlinearities considered are the cracking of the concrete
and the yielding of the reinforcement. The basic difference in the two ap
proaches is the assumed stress-strain relationship of the concrete and the
number of open cracks allowed. Cervenka and Gerstle, in their model, assume
an elasto-plastic stress-strain relationship and allow only one open crack
to form. Darwin and Pecknold, on the other hand, assume a stress-strain
relationship with a descending second branch and allow for multiple open
cracks. Although both models performed equally well under constantly in
creasing loadings, Darwin and Pecknold's model performed better under cyclic
loadings.

These models serve well to predict the nonlinear cyclic behavior of
single reinforced concrete panels. However, the incorporation of such highly
complex models as these into a large-scale structural analysis would be pro
hibitive in terms of the required computation time and may be of question
able accuracy. On the other hand, they can be very helpful in gathering
information on the ductility and energy dissipation characteristics of panel
elements, and in developing simplified models for the nonlinear analysis of
panelized systems.

Seismic Response of American Cross-Wall System

The majority of information available on the seismic response of panel
ized buildings has been compiled for systems that are not common in the
United States. This section thus reports on analytical studies being carried
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out at the Massachusetts Institute of Technology [29,44] on the seismic
response of typical American cross-wall structures. A plan view of the cross
wall building is shown in Figure 32. An interior load bearing wall was iso
lated (see Figure 33) as the basis for these studies. The cross-wall was
considered uncoupled from the adjacent coplanar wall because of the lack of
stiffness in the corridor lintel. In addition, the floors were assumed to
be rigid and the foundation was also assumed to be rigid. While it is real
ized that these assumptions are contrary to many of the points discussed
earlier, it was felt that this simplification was necessary to isolate the
problem in the preliminary phase of these studies.
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Figure 32: Plan View of American Cross
Wall Building
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Figure 33: Isolated Interior Cross
Wall

The initial portion of this study was carried out by Frank [29]. In
studying the structure, it was assumed that the horizontal connection region
was a plane of weakness in terms of both strength and stiffness. In addi
tion, the assumption was made that the cross-wall would be uncoupled from
the transverse facade wall. This was a lower bound assumption based only
in part on the relatively weak bolted connection.

The panels were modeled as a 'super' finite element. A pseudo-shear
stiffness, accounting for both shear deformation and slippage, was used in
the anisotropic connection element. A parametric study was carried out for
structures of various heights, with various width cross-walls. In addition,
the connection stiffness was varied relative to the panel stiffness.

Initially, basic dynamic characteristics were determined for this iso
lated cross-wall. It was found that decreasing both the axial and shear
stiffness of the connection area had little effect on the primary period,
but did influence the higher modes (this can be seen in Figure 34). The
connection relation in Figure 34 refers to connection stiffness parameters
relative to panel stiffness parameters (Ec/Ep:Gc/Gp)' In obtaining the mode
shapes, the symmetrical vertical modes kept appearing with periods close to



the initial lateral modes. These significant vertical modes, along with a
connection dependency on vertical loads, seems to support a concern over ver
tical accelerations expressed by other researchers [9].
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Nunber Base Shear/Weight of Structure
of Percent Damping

Stories 2% 5% 10%

5 0.49 0.39 0.35

10 0.40 0.32 0.18

15 0.26 0.21 0.15

Figure 34: Influence of Connection Stiff
ness on Mode Shapes and Periods
[29 ]

Table 2: Variation of Base Shear
with Height and Damping [29]
(peak accel., 0.3g; conn.,
1/2:1/2; panel, 7.3mx2.4m)

On the basis of the dynamic characteristics determined in the initial
part of the study, a series of modal analyses were performed using a mean
response spectra developed by Vanmarke and Biggs UO~. Table 2 presents a
portion of these results in terms of equivalent base shear acceleration coef
ficients, where the response spectra is scaled to a peak acceleration of 30%
of gravity. In order to obtain a sense of potential damping characteristics
for this structure, the connection area was softened as the damping was in
creased. Table 3 presents typical results for a 10 story structure. It
can be seen that the increased damping has a significant effect relative to
the connection softening. The mean response spectra was scaled to 0.05g
peak acceleration for comparison to several forms of code calculations. In
general, it was found the codes using static equivalent lateral force metho
dologies tended to underestimate both base shear and overturning moments.

In general, it was concluded that as long as the structure remained lin
ear elastic, its seismic response would be similar to that of an equivalent
shear wall structure, with the possible exception of horizontal displacement.
However, Frank noted the possibility of the horizontal connections being po
tential zones of energy dissipation. In checking the analysis results against
the overturning strength, it was noted that the probable failure mode would
be due to overturning. Tensile strains were expected to occur in the wall
at relatively low peak accelerations (0.05 to O.lOg). This has also been sug
gested as a failure mode typical in panelized construction by Nassonova and
Fraint [56]. It must be assumed that horizontal connections in panelized
construction have no inherent tensile strength, thus any tensile strains in
the wall will be aggregated in the formation of a crack in the connection.
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Connection Force at Percent Damp; ng

Base 2% 5% 7%

1/2:1/2 Shear 2616 (588) 2092 (470)

Moment 51692 (38111 ) 41224 (30398)

1/2: 1/10 Shear 2577 (579) 2065 (464)

Moment 50588 (37297) 40406 (29790)

1/2: 1/25 Shear 2577 (579) 2056 (462) 1860 (418)

Moment 49639 (36597) 3953 (29142) 35723 (26337)

1/2: 1/50 Shear 1051 (461 ) 1860 (418)

Moment 34224 (25232) 34643 (25541)

1/4: 1/50 Shear 1789 (402)

Moment 32998 (24328)

Table 3: Probable Range of Response - 10 Story Cross-Wall [29]
Units: Shear, kN (kips); Moment, kN-m (kips-Jt)
(peak accel., 0.3g; panel, 7.3mx2.4m)

Llorente [44] has developed a program that models the nonlinear response
created by this cracking phenomena. This modeling is done by allowing for
different stiffnesses in tension and compression during the integration of
the connection element stiffness matrix. The nonlinear equilibrium equations
are integrated using the central difference method. Using this approach, a
series of parametric studies has been completed on the same isolated shear
wall as Frank. The basis for these studies was an artificial ground motion
generated from the Newmark--Blume--Kapur response spectra [57] for 2% damp
ing. A fifteen second record was used (with a 2 second rise time, 10 seconds
of high amplitude vibration and 3 second decline time). Longer records are
required, since the peak response of the structure often occurs after early
acceleration peaks have initiated a rocking motion.

The seismic response of three different walls were studied. The first
wall assumed the material to have the same elastic properties in tension and
compression (tension material); 'a second wall was assumed to have ACI mini
mum reinforcement (0.25%) and therefore a tensile stiffness that was 4% of the
compressive stiffness (reduced tension material); and a third wall was as
sumed to have no tensile strength, but was prestressed by ungrouted tendons
up to an additional concrete stress of 200 psi (PIT material). The post
tensioning tendons were assumed anchored at the foundation and roof level
only and were assumed, along with the regular reinforcing in the reduced ten
sion wall, to be infinitely elastic. Results typical of this study, for a
10 story structure with 5% of critical damping, subjected to a peak accelera
tion of 0.15g, are given in Figure 35. Of particular interest is the length
of crack opening and the high shear stresses around the tip of the crack.
These peak shear stresses indicate the need to consider an inelastic material
model to account for the obvious need for shear redistribution through slippage.



1785

125

MAXIMUM DEFORMATION ern

6

8

10\,

",
9

,.
,

8 \7 ,
6 \,

u:l
,

til5 \>
\\ >

~ '"4 ...J

"

m: 3
'\

0 "\ l5g 2 "'\ 0... \\ Ii
500 1000 15'90 2000

MAXI_ Sl£AR kN
10

Table 4 presents results for a series of such runs. It is not uncommon for
the peak crack width to approach 50% of the cross-sectional width in both
the partial tension and post-tension cases.
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Figure 35: Seismic Response of an Isolated 10 Story Cross-Wall [44]
(peak acce1. 0.15g; 5% critical damping; panel, 7.3m x 2.4m),

NUMBER MATERIAL MAXIMUM BASE SHEAR MAXIMUM BASE MOMENT MAXIMUM MAXIMUM
OF TYPE kN kN-m ROOF DEFLECTION TENSION ZONE (%)

STORIES (em) WIDTH

O.IOG 0.15G 0.20G 0.10G 0.15G 0.20G O.IOG 0.15G 0.20G 0.10G 0.15G 0.20G

TENSION 1177 1766 2354 29008 43517 58016 2.82 4.23 5.63 24.3 34.0 38.D

TEN
NO TENSION 64.21118 1461 1707 28714 36601 43762 2.97 4.34 6.83 29. D 49.7W/PT BARS

STORIES
PARTIAL 1059 1579 1903 26153 37591 47039 2.89 4.69 6.75 35.B 54.5 59,6
TENSION

TENSION 1472 2207 - 36670 5500S - 7.16 10.74 19.1 30.0

FIFTEEN NO TENSION 39.21403 1982 - 36434 47304 7.16 10.42 - 21.8
STORIES W/PT BARS

PARTIAL 1413 2521 - 34639 SI257 - 7.08 10.11 .. 28.8 49.0TENSION

Table 4: Seismic Response of Isolated Cross-Wall, Including Rocking Motion [44]
(5% critical damping; panel, 7.3m x 2.4m)



Figure 36: Deformed Shape During Rock
ing Motion - Lower Three
Panels
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It can be seen from the data in
Table 4 that rocking motion will
not necessarily lead to increases in
force level; indeed, it may contribute
to a lessening of forces. However, the
rocking does contribute to a rapid in
crease in deformation, indicating a
limit for a stable response. As sug
gested by Polyakov [76], the cracked
cross-section may cause an extremely
high load to be placed on the corner
of the panel as the gravity load of
the structure, the compressive block
due to overturning, and lateral shears
are all concentrated within a narrow
ing portion of the panel. Figure 36
illustrates the extreme deformed shape
of the isolated wall during rocking
motion. The concentration of forces
associated with this motion may well
cause failure in either the connec
tion or the panel.
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The results reported in this section are from the first half of a study
currently underway. Further work in this study will include a nonlinear
material model for the horizontal connection, the inclusion of a vertical
connection and transverse wall and soil-structure interaction. While the
previous results are for idealized models, they illustrate both the simil
arities and dissimilarities between panelized construction and cast-in-place
construction. The behavior and design of panelized structures must consider
the planes of weakness that are created by the connections. The designer
must consider the sensitivity of the structure to the behavior of the con
nections, but also the demands that they in turn place on the panels. These
preliminary results indicate the extremely important 'role the compressive
behavior of the horizontal connection will play in the ,overall safety of
the structure and the need of the panel to be able to handle reasonably con
centrated loads in order to safely develop the structure's ultimate capacities.

DESIGN IMPLICATIONS OF RESEARCH

The material presented in this paper has been intended to illustrate the
uniqueness of panelized construction, particularly as it relates to seismic
design. While experience with these structures in actual earthquakes is
extremely limited, their use throughout the world is increasing. An attempt
has been made to highlight the significant differences between panelized
structures in the United States and those used elsewhere. Also, the discus
sion has been directed toward response of panelized structures to earthquakes
as might be associated with major areas of seismicity. The author acknowl
edges that design for areas of less intense seismicity may not place as
great a demand on these structures as has been indicated herein; however, it
is only through an understanding of the actual response of structures that
we can begin to base rational design procedures. The following discussion



attempts to summarize the previous material into several major design issues
that must be addressed in developing aseismic panelized construction.

Seismic Design Forces

Current seismic design codes used in the United States were not devel
oped for panelized construction. The design forces and their distribution
are based upon assumptions of flexural ductility (energy dissipation) and
experience not directly applicable to panelized construction. It is not
necessarily a simple question of using higher or lower design forces, but
rather a question of developing a fundamental understanding of how panel
ized structures behave and how they should be designed. Until such an under
standing is developed, the designer is called upon to use his best judgement.
The studies by Llorente [44] indicate reasonably favorable behavior, up to
some stability limit, if necessary details are properly designed. Beyond
that limit, it would appear that there may be some form of dynamic insta
bility. It is not clear at this time what that limit might be, or if
analytical studies based on isolated shear walls reasonably predict the
response of the overall structure; however, there is reason for caution.

Distribution of Seismic Forces

Several times in the course of this paper the effects of floor stiffness
in the dynamic response of the structure have been cited. These effects may
lead to a horizontal distribution of seismic forces quite different than
normally achieved using a rigid floor assumption. While Polyakov [76]
has given suggested design procedures for this situation, no such standard
procedures are in use in the United States. Short of an expensive computer
analysis, the designer is again forced to use his best judgement. If,
indeed, there is a distribution dependent upon the flexibility of the floor
system, then the floor must also be designed to handle the associated defor
mations and related forces.

Energy Dissipation

The question of ductility raised above is really one of energy dis
sipation; that is, what is the mechanism of survival for the structure sub
jected to a major earthquake. The following list presents five possible
options for the designer; obviously they can also be used in some combination.

'Duatile' Shear Wall -- Design the shear walls of the structure so
that they can develop flexural ductility. This requires the develop
ment of an economical means of insuring adequate vertical reinforce
ment, and design the horizontal connection so it does not function
as a plane of weakness in shear.

Energy Dissipating Conneation -- Take advantage of vertical and hori
zontal connections as planes of weakness and specifically design them
to maximize their energy dissipating qualities. By allowing motion
in the connection, one must be prepared to accept potential damage,
both structural and non-structural. If connections are used as energy
dissipators, extreme caution must be taken to insure their integrity,
even as they degrade. This is particularly true for horizontal
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connections, upon which the ultimate stability of the structure is
dependent .

• Energy Dissipating Panels -- Solid panels are generally too strong,
relative to connections, to be forced into overall inelastic behavior.
It has already been mentioned that panels with penetrations, that is,
windows and doors, can provide an energy dissipating capacity. This
dissipation is due to the flexural inelasticity of piers and lintels
due to shear distortion. Purposeful mechanisms, such as slits [54],
could be built into solid panels to give them energy dissipating
qualities under shear distortion.

Soft Story -- Several researchers [ 8,75,76] have suggested that soft
stories may prove to be excellent design solutions. Recent experi
ence has called the concept into question due to overall stability
considerations. However, it may well be possible by using additional
bracing or incorporating the soft story concept into the foundation
to take advantage of the concept while providing the necessary sta
bility •

• Elastic/Brittle Design -- For lowrise structures (less than five
stories) and for areas of modest seismicity, it may be reasonable to
design panelized structures to remain elastic during earthquakes. If
this approach is taken, then the connections and panels can be de
signed on the sole basis of strength, with no consideration for ine
lastic response.

General Structural Integrity

In any major earthquake, a panelized structure, as well as all struc
tures, will undergo some damage. It is necessary to guarantee that such a
damaged structure retain its overall stability. The maintenance of this
stability in a damaged state is directly analogous to the maintenance of
stability after damage caused by an abnormal (non-seismic) loading. This
has been the basis of the concern about progressive collapse and is also a
major consideration in seismic design. The strength of the structure must
not be so degraded, through seismic reversals, that the structure is no
longer capable of supporting gravity loads. This potential for degradation
may be a critical parameter in the design of horizontal connections. In
addition, the overall integrity of the structure must be guaranteed by
tieing the components together. This has been the basis of the alternate
load path philosophy advocated for progressive collapse [26,98] and is
equally valid in seismic design.

CONCLUSIONS

Over the last 20 years, many researchers throughout the world have
been involved in developing panelized structures for use in seismic regions.
This paper has attempted to present some of the material related to these
activities. There is a large body of relevant material; unfortunately it
is scattered throughout the world and often relevant only to very specific
systems. For this reason, the authors wish to alert the reader to the fact



that no portion of this paper can really be considered complete or all
inclusive.

Panelized systems provide an unusual challenge for both the design and
research engineer. Here is a construction system that has potential econ
omic benefits in a period of ever increasing costs. It is, however, a
system with a limited experiential base. In order to retain these economic
benefits and yet provide a seismically safe structure, the designer must
look to new approaches in earthquake engineering. The designer cannot move
forward alone, he requires the complimentary work of research efforts to bring
forward needed information to confirm or deny new approaches.

The seismic behavior of panelized systems will be dependent upon con
nection characteristics. It is in understanding the role of connections in
the overall response of the structure that the challenge lies. Two dis-
tinct options lie before the design engineer: provide for energy dissipation
in the connections, or provide for energy dissipation in the panels. Re
gardless of the approach, the designer must insure the integrity of the system
when potential degradation occurs in the process of energy dissipation. Of
particular concern is the maintenance of a horizontal connection capable of
continual transfer of gravity loads.

To move forward in the seismic design of panelized structures, four
distinct and closely interrelated activities must take place. First, a
continued effort must be made to bring together available information from
throughout the world. This requires the development and maintenance of
contacts with many research organizations, particularly in Eastern Europe,
Russia and Japan.

Experimental work is required to develop an understanding of the com
ponent behavior of typical American systems. Work is needed on the trans
verse load and shear load characteristics of horizontal connections sub
jected to cyclic loading. The cyclic behavior of dry type embedded con
nections must also be studied. Experimental procedures must also be de
veloped to explore the role of the floor diaphragm and potential rocking
motion.

Concurrent with experimental efforts, analytical studies should be
carried out to place experimental information in a proper context and to
explore parametric sensitivities. Experimental results can also be used
to calibrate computer models. In situ shaking studies should be carried
out on panelized structures that now exist and those that are under construc
tion. This data can also help calibrate programs and be used to examine
the importance of soil-structure interaction and three dimensional behavior.

It is through such an iterative procedure of both analytical and exper
imental studies that a fundamental understanding of seismic response can be
achieved. Unfortunately, the best experiment is an actual earthquake. It
would seem appropriate to be prepared to examine such structures when and
if they are so tested. In addition, the instrumentation of selected panel
lized structures in active seismic regions may prOVide valuable information.
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Panelized structures present both opportunities and problems in
seismic design. Their unique characteristics render traditional ap
proaches to seismic design inapplicable, and call instead for the devel
opment of new design techniques. It is toward this goal that this paper
has been addressed.
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INTRODUCTION

In order to be able to discuss the engineering problems
associated with prefabricated construction, one must be aware
of the general application of prefabricated construction in
the United States in seismically active areas. The use of pre
fabricated construction may be subdivided into four general
groupings.

First and ful lest application of prefabricated structures
is what I will refer to as FULL MODULE PREFABRICATION. Full
module prefabrication involves the prefabrication of an entire
module (in this case, a hotel room) in a factory. The unit is
transported to the job site, and erected by crane. This type
of prefabrication has, to my knowledge, only been used once in
the United States in the construction of the San Antonio Hil
ton. Its use in this particular instance was primarily dic
tated by site availability, and the date at which beneficial
occupancy was required.

The second application, PARTIAL PREFABRICATION, consists
of prefabricating walls, floor slabs, kitchen units, and bath
room units in an assembly plant, transporting them to the field,
and erecting the structure one floor at a time. The applica
tions here are primarily hotels and apartment houses. The de
velopment of this program was significantly advanced by a pro
gram sponsored by HUD called "Operation Breakthrough". Unfor
tunately, only one manufacturer has been able to successfully
develop projects under this program. Forest City Dillon Inc.
has built approximately 100 projects throughout the United
States, including sixteen in seismic zone three. These pro
jects represent some 18,000 residential units.

The third category, and certainly the largest in dollar
volume is PREFABRICATED COMPONENTS OF CONSTRUCTION. Here,
walls and floors are constructed in the plant, brought to the
field, and erected. The walls, are usually precast concrete,
solid or with voids, though recently prefabricated concrete
block panels have been introduced. Floor system components ar~

of course, the wide variety of precast prestressed units, inclu
ding double and single tees, extruded planks, solid planks, etc.
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Fourth, and probably the oldest, is SITE PREFABRICATION.
The most common application is the site precasting of wall pan
els, which are then erected and combined with other structural
elements, much as are the prefabricated components of category
three. I have 1i sted it as a separate categ'ory, as the con
straints on component development are distinct. Earlyapplica
tion of this type of construction was primarily limited to in
dustrial "tilt-up" or "tilt-wall" construction. Another common
application is in high rise construction where either floor or
wall panels are stack cast on the site.

One cannot fully appreciate the magnitude of the problems
facing the prefabricated construction industry unless one under
stands the construction industry, and how it develops its pro
duct, the completed building.

The traditional approach to developing a project has al
ways been for a developer or owner to select an architect and
consulting team. This team would then work with the owner in
developing a set of plans, which would represent the type of
development proposed for a particular location, the construc
tion budget being consistent with a financial proforma. After
carefully preparing these plans and obtaining the required go
vernmental approvals, the plans would be submitted to several
general contractors who would make proposals to the owner as to
the total cost and time involved in completing the work indi
cated on the plan. The owner would then select a contractor
who most closely fit his needs, and proceed with the construc
tion of the project.

The late sixties and early seventies, with its tight money,
rapid inflation and general material shortages made this ap
proach to the development of a project extremely risky. Almost
universally, owners would find that the cost of constructing a
project as designed was not consistent with the financing avail
able within a reasonable time frame. This usually resulted in
an entire redesign of the project, an expensive option, both in
time and money, or the abandonment of a project at a loss of
around 10 percent -- also quite expensive.

From this rather universal dilemma developed what is com
monly referred to as the 'fast track' approach to building de
sign. Normally, in the fast track approach, a contractor is
made a part of the development team during the schematic phase
of design, and his cost and availability input is introduced
into the project at the earliest stage of development. The in
troduction of the contractor into the development team does not
solve the entire problem, as materi~l availability and price
change at a relatively rapid rate. Sequentially selecting, pur
chasing a~d constructing components before the final plans are
developed or approved by governing agencies has become the only
way to effectively control a project.



On a recent fast track project, a steel frame was selected
for the basic system for an eight-story structure. The budget,
guaranteeing cost of construction and schedule, was developed
by the general contractor, based upon schematic plans and
specifications. The steel fabricator was selected. His pro
posal was based on a set of schematic structural drawings.
Mill orders were placed for basic structural shapes. Final
structural plans for the steel frame were then prepared over
the next four weeks. These plans were then submitted to the
steel fabricator, as well as to the building department. Over
the next eight week period, shop drawings were prepared, and
plan checks completed by the building department. By the time
the permit was obtained, the steel was ready to be fabricated,
and foundations built. This resulted in a savings of approxi
mately three months on this portion of the construction sche
dule. Obviously, if plans were developed in a normal process,
i.e. full architectural and structural plans developed and bid,
the total construction schedule would be extended some six to
eight months.

What is the relevance of this example ••• especially as it
applies to prefabricated buildings? Obviously, there is an in
herent risk in proceeding in this fashion. Should the building
official not agree with any of the design assumptions, an ex
tremely embarrassing situation could develop. Mi 11 ordered
steel would probably have to be reworked in the shop or reor
dered. Several years could be spent in court, attempting to
straighten out whose responsibility it was that the system was
not built as originally envisioned. Since design concepts,
criteria and construction techniques of steel structures are
quite well established, as it generally is, in poured in place
concrete construction, the exposure is usually limited to the
addition of a stiffener plate here or there, another doubler
plate, or problems of this order of magnitude, none of which
are significant in terms of the overall cost of construction.

Can the prefabricated construction industry be competitive
in this market? The principal advantage to prefabricated con
struction is the speed in which it can be erected. Thus, it
seems to have answered the most basic need of the construction
industry. If, however, the prefabricated construction industry
cannot take advantage of the fast track approach, it would be
at a disadvantage.

Of more importance, even than speed of construction to the
effective use of the fast track approach, is SYSTEM RELIABILITY.
Recall that in the fast track approach, the construction costs
are determined during the schematic design phase, and hence to
a large extent the subsequent development of the design may e
volve about the system and elements selected.

Our firm was involved in the design of a partially prefab-
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ricated building several years ago. The proposed approach in
volved site precasting of wall panels sixty feet high, twenty
eight feet deep, and five-and-a-half inches thick as the basic,
vertical and lateral load carrying system for a six-story ho
tel. Since the proposal was a cost saving redesign proposed by
a contractor in order to save an otherwise doomed project, we
were forced into a fast track approach. Panel forming and
casting was started, even before plans were submitted to the
building department. A special permit was obtained to con
struct the 'foundation only', and construction was started. In
other words, we "let it all hang out". During the next month,
I had numerous nightmares, often recalling verbal abuses le
veled at me by many building officials regarding the inability
of prefabricated buildings to withstand earthquakes. Probably
most abusive was a Los Angeles County building official who,
after arguing for some four months, gave us permission to build
a two-story prefabricated motel building in Valencia (some ten
miles from the epicenter of the San Fernando Earthquake) only
after informing me that he would visit the job before per
mitting occupancy, "kick the corner, and watch it all fall
down". He never did, of course, and the San Fernando Earth
quake had no effect on it either.

Fortunately, the building official for the six-story pre
cast hotel was not a skeptic, and a permit was issued in a rea
sonable time frame. Had he been a skeptic, he could have
pointed to various ambiguous portions of the building code and
required a major modification to the plans, or a considerable
delay via normal appelate procedures in obtaining a permit,
thus defeating the entire fast track approach.

This skeptical attitude taken by engineers, plan checkers
and building officials is well taken, as little or no informa
tion, design procedures or research is available on the criti
cal aspects of prefabricated construction.

STATE OF THE ART

Categorization into basic design groupings is helpful in
the evaluation of the lack of knowledge which exists in the
field of prefabricated buildings. Four general areas have been
selected:

--State of the Art in Design and Analysis of Buildings
--State of the Practice of Building Design
--Evaluation of Component Reliability
--Analysis of the Reliability and Design Criteria

Associated with Component Connections

State of the Art in Design and Analysis of Buildings

It is probably not correct to refer to dynamic analysis as



a state of the art approach to designing or analyzing a
building. Many engineers are currently using it in the
design of all significant buildings. Our firm almost always
performs a dynamic analysis of a project to some level of
sophistication, to satisfy ourselves that our code, or modi
fied code design approach, is realistic. The building de
partments in many parts of the state of California require
that a dynamic analysis be performed on any unusual type
structure, and almost all codes require a dynamic analysis
on buildings over 160 feet in height. It must, however, be
classified as a state of the art approach in the analysis of
prefabricated buildings, as so little information is avail
able upon which to base many decisions.

Response spectra developed by Geotechnical Consultants
usually postulate ground acceleration at the surface in the
range of .3 to .5g. The amplified portion of response spec
tra for most buildings ranges from .5 to 19, depending on the
type of soil conditions and damping values prescribed. Prefab
ricated structures are of two basic types: intermediate height
high rise residential bui ldings of six to twelve stories braced
by prefabricated shear walls at 28 foot centers, and large one
and two-story department stores laterally braced at the peri
meter by short long shear walls. Both of these building class
ifications usually fall analytically in period ranges at or be
low .3 seconds. Since this places them within the range of de
sign criteria associated with the ground motion as opposed to
amplified ground motion, the total base shear is not much dif
ferent than that prescribed by the latest building codes. The
major area of concern of all engineers associated with this
type of construction is whether or not this is an appropriate
force level. Should higher force levels based on longer true
periods be used for prefabricated buildings in consideration
for the longer periods which might occur at high force levels
as a result of joint slippage? If the true period of a building
is longer than the associated analytical period, what then
would be appropriate levels of damping? The lengthening of
building periods in this region is obviously of much more con
cern than it is in frame structures. Assuming that it does not
occur leads to a non-conservative approach for prefabricated
buildings, whereas it is a conservative approach for frame
structures. The design implications, however, are quite sub
stantial.

If higher force levels are indicated, do these force lev
els apply to overturning forces as well as to shear forces, es
pecially in lower portions of buildings and in the design of
foundations? How do diaphragm forces affect the design re
quirements for shear walls of low rise buildings? Is it appro
priate to consider the fundamental period of a structure as
being .2 sec. even though this is indicated by the stiffness of
the restraining system, or should a higher natural building
period be used to account for the dynamic reaction of large
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diaphragms on these short shear walls?

Since the response of prefabricated buildings to either
ambient or forced vibration tests, or the evaluation of the
response of existing buildings subjected to earthquakes has
not been made, the engineer must make many decisions based on
his intuition.

State of the Practice of Bui lding Design

The state of the practice of building design is best sum
marized by the building codes enforced in the state of Califor
nia. The most universally adopted procedure is that contained
in the Uniform Building Code ~J. The seismic design portions
of this code were developed to a large extent by the seismology
committee of the Structural Engineers Association of California.
The salient points applicable to the design of prefabricated
structures are the requirement to design shear walls, and shear
resisting elements of buildings, for an ultimate base shear of
.44g. The .44g is determined by using a value of ZKCS of .186,
a load factor of 2, and a safety factor of .85. The associated
design overturning moment is .28, here using a value of ZKCS of
.186, a load factor of 1.4, and a safety factor of .85. This
is not inconsistent with the force levels indicated by most
geological reports for maximum anticipated ground acceleration.

These force levels are then used to design the various ele
ments of the structure using the stipulated ultimate for the
various materials. Unfortunately, many of the ultimate values
listed in the building code often include rather substantial
factors of safety. The Uniform Building Code requirements for
wall stresses, when compared with those design procedures de
ve loped by Kri panarayanan and Fi ntel [lJ are qui te conserva
tive.

This condition is further agravated by the requirement in
the UBC that concrete bearing walls must have a minimum thick
ness of six inches for the upper 15 most feet of height, and
increased in thickness by one inch per 25 feet unless, of course,
"structural analysis shows adequate strength and stability."
The interpretation of arbitrary provisions in building codes is
a tremendous source of frustration to the pract~ing engineer.
For example, this portion of the code was cited on one of my
projects by the building office. The building was a twelve
story prefabricated structure. Had this provision been en
forced, the thicknesses of the walls would have had to be nine
inches at the base, as opposed to the five-and-a-half inch
thick walls which we proposed. The building official refused
to consider the fact that the walls were spaced at 12 feet on
center, and had a maximum clear height of eight feet, and thus
were capable of carrying quite safely any loads indicated by
any design criteria. Fortunately, he finally agreed to con
sider the wall panels as precast wall panels if we could es-



tablish that the entire vertical and lateral load could be
supported by the ends of the panel. It goes without saying
that interpretation of this type results in a considerable
factor of safety in the overall design.

If this same conservatism were used with a dynamic anal
ysis on a building of this type, the true overturning capa
city would be on the order of 1.4g. Overconservatism in this
area is an extremely expensive item insofar as prefabricated
construction is concerned, as precast assemblies must have
uniform thickness, not only for the length of the panel, but
also for the height of the building. Thus, if a ten inch
panel is indicated at the lowest level, when in fact an eight
inch panel would be safe, a considerable amount of extra con
crete and weight would be added to the overall structure.

Evaluation of Component Reliability

Component reliability is another extremely important area
to the design engineer. Probably the best and most controver
sial example of component reliabi lity is the floor diaphragms
of large structures uti lizing prefabricated floor construction
with perimeter shear walls. Here, the designer is usually
faced with heavy prefabricated beams and slabs or other precast
prestressed assemblages tied together with a relatively thin
poured in place topping slab of two-and-a-half to three-and-a
half inches average thickness. The design forces which this
diaphragm must sustain during a major earthquake, and the load
deflection curves associated with its response to this ground
motion, are of paramount importance to the overall stability
of the building.

Countless tests have been performed on metal decks sup
porting concrete fill or vermiculite concrete. However, as yet
no program has been developed for testing diaphragms conSisting
of prefabricated elements tied together with a topping slab.
The areas of concern to the designer that need considerable in
vestigation, have primarily to do with the stiffness and
strength of the overall composite system. For instance, is it
reasonable to assume that the precast elements contribute to
the overall stiffness of the diaphragm? This would seem like
a reasonable assumption, since prefabricated units are placed
adjacent to each other, and the joint is usually some type of
grouted shear key. A reinforced topping slab connects the
units, developing a composite system for resisting vertical
and probably lateral loads. The contribution of the prefab
ricated elements to the overall diaphragm stiffness is obvious
ly important when attempting to evaluate the force or stress
level to which the system might be subjected during an earth
quake. This also effects the amount of distortion which might
be anticipated at the exterior wall perpendicular to the di
rection of motion. The common assumption is that only the
topping slab contributes to diaphragm stiffness.
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The shear strength of thin diaphragms is usually based on
diagonal tension stresses, reinforcing requirements being de
termined in accordance with diagonal tension theory. An area
of concern to many engineers is the effect of shrinkage cracks
on the strengths and reinforcing requirements of a diaphragm.

Reliability of Component Connectors

The design philosophies associated with the development of
these details is considered the most important part of any
building theory by many engineers. Though each detail is tai
lor made for a particular construction problem, they may be
subdivided into three general categories: shear, tension, and
compression transfer. Since virtually no guidance can be found
in the literature, the only criterion which exists is contained
in building codes.

The transfer of shear along a horizontal joint, as treated
in the building code, refers to shear stress as being trans
ferred as "though in masonry through a mortar bed, by shear key,
or by reinforcing bars used as ties with shear values similar
to those associated with bolts set in either concrete or ma
sonry". Shear keys or mortar bed analogy is not very popular
with the design engineer because joints of this type usually
open up, as they are natural places for shrinkage cracks to oc
cur. Thus, confidence in this type of detail and analysis is
not high among the profession even though no code provisions
prohibit it. The installation of mortar beds and shear keys
are usually difficult and extremely time consuming. The use of
dowel theory is virtually impossible as the force levels pre
scribed by the building codes cannot be resisted by the ultimate
capacities of about 3,000 pounds per 5/8 inch diameter bar.
Shear friction theory, though not specifically developed to
handle these cases, has become the most widely used approach for
shear transfer from element to element. The reliability of this
method, when applied in details of precast prefabricated con
struction must certainly be established if it is to be heavily
relied upon in the industry.

Tension ties in wall panels are always a problem. The rea
soning again stems from the type of construction involved, pri
marily the fact that the thickness of the panel is constant
throughout its height and width. This does not permit boundary
elements on the end of the panel unless these boundary elements
are cast in poured in place concrete, a very arduous and time
consuming task which, in addition to its cost, also introduces
one more joint in the structure. The problem lies essentially
in the reliability of stress transfer in heavily loaded members
joined in thin concrete elements, with minimal confinement.

Compression transfer problems lie in the fact that many
walls, as in the prefabricated buildings currently being erected
by Forest City Dillon, have regular voids spaced along the en-



tire length of the panel. These voids are filled once the wall
panel is in place, and the floor slab and its topping are being
installed. The problem here is in the incompatibility of the
elements. The precast wall panel is constructed in the shop.
The plant fabricated floor slabs are placed on the edge of these
panels, and the voids in the wall panels are then filled with
concrete. Many people in the industry are concerned about the
vertical shrinkage of the concrete after it is placed, and its
ability to transfer compression loads adequately without some
type of expansive or positive grouting between elements (see
Figure 2).

WHAT MUST BE DONE TO DEVELOP
SAFE, ECONOMICAL, PREFABRICATED BUILDING

IN ACTIVE SEiSMIC AREAS

Some of the major problem areas associated with prefabri
cated construction have been alluded to. Most engineers are
conservative by nature and unfortunately skeptics when it comes
to accepting new concepts. This is also true of the building
industry as a whole in the United States. We have been years
behind Europe in the development of new construction techniques,
and prefabricated buildings is certainly no exception. Prefab
ricated structures are undertaken only when there is a clear in
dication of substantial savings in the cost of construction.

It is only possible to gain product acceptance by resolving
the many uncertainties which currently exist. Extensive test
programs must be developed. Thorough analytical evaluations
of building systems must be undertaken. The results of these
efforts must be made readily available to the design profes
sional.

The builders of prefabricated structures and/or components
have no association to promote their basic concept or product.
Each system is tailor made to the particular application and
usually proprietary. Having no association similar to the
AISC, ACI, PCI, no funding of an intelligent comprehensive test
program is available. The development of meaningful criteria
is further hampered by the complexities of prefabricated con
struction. Researchers are not familiar with system constraint~

typical procedures, or details. The wide variety of products
and applications further hampers effective research activity.

Problem areas have been ordered such that priority has been
given to those design features which most readily affect the
overall stability of a building system, as well as the overall
economics of prefabricated structures.

Overturning

The first and most important problem facing not only the
precast industry, but shear wall construction in general, is
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a realistic evaluation of overturning forces. It is pre
sented first, as it has considerably more effect on prefab
ricated structures than poured in place shear walls for rea
sons previously mentioned.

Probably the best way to visualize the problem faced by
the precast industry is to examine a typical building. The
partial plan of the building shown of Figure 1 is what one
might expect in a twelve-story hotel or apartment type struc
ture. If we assume clear story heights of eight feet, the
overall height of the building would be on the order of 104
feet, allowing for eight inches of floor construction. An
examination of a typical transverse shear wall would indicate
the following. The code prescribed period would be .65 sec
onds. The ultimate base shear in the wall would be 520 kips.

v = KCSUW = 1.33 X .083 X 1.5 X 2.0 X 1560 = 520 kips

The ultimate code overturning moment would be 25,360 ft-kips.
A spectral analysis utilizing a spectral acceleration of .5g
would generate a base shear of 400 kips, as opposed to the
code required ultimate shear of 520. The overturning moment
indicated by this spectral analysis would be 28,000 ft-kips.

If we were to assume, as the code generally requires for
structures for this type, and incidentally, as is common prac
tice, that the wall behaves as a homogeneous isotropic mater
ial, we would find that the maximum compressive stress resul
ting from a combination of a vertical load of 1,200 kips, and
an overturning moment of 25,360 ft-kips at the base of the wall
would be on the order of 2.17 ksi. The allowable ultimate
stress permitted by the ACI Code [~ or Uniform Building Code
[3J is developed in equation 14-1. This allowable ultimate
stress for the wall in question is 1.4 ksi. Obviously, the
wall does not comply. If ultimate strength concepts were used
to analyze the wall, some 60 or 70 inches of that wall would
be under an average compressive stress of 3.06 ksi. This
stress is considerably below the buckling load of the wall. We
would also not find any problems with permitting a stem of a
T-beam to attain these stresses. Why, then, should the ulti
mate strength in walls of this type be limited to 1.4 ksi?

An associated area of controversy lies in the rationaliza
tion of the tension stresses induced by this bending moment.
One approach is to provide reinforcing required or indicated
by the assumed tension block, much as is done in providing
supplementary bonded reinforcing to control cracking in post
tension beams or slabs. Using this approach, the indicated ul
timate tensile force is 740 kips. Using grade 40 reinforcing,
this amounts to some 18.5 s.i. of steel, or, using ultimate de
sign theory, some 430 kips. The transfer of tension forces of
this magnitude across joints creates a tremendous hardship on
precast, prefabricated construction. Weld details are typically



frowned upon by reviewing engineers under the assumption that
the reinforcing in the ends of the wall must yield, and there
fore weld induced points of brittleness in the reinforcing
will lead to premature failure of the det~il. Splicing rein
forcing using development lengths provided in the code requires
almost the full height of the panel. The reliability of an
unconfined lap splice in thin panels is also a concern. The
desired objective should be to conservatively estimate tensile
forces and provide a practical elastic joint.

Shear Transfer

The transfer of shear stresses between precast elements is
probably even more controversial than axial loads on precast
walls. Figure [2J is representative of a typical joint between
adjacent wall panels and adjacent floor slabs. There are many
variations of this basic detail, all developed to fit the var
iety of precast elements and construction techniques available
on today's market.

The shear transfer at A is always the most critical item.
The grout, or concrete, above the shear transfer line is almost
always wet concrete placed over a previously dried solid con
crete panel. Since the wall serves as a resting place for the
adjoining precast floor panels, the throat of the detail is of
ten reduced to as Ii tt Ie as two-and-a-ha If inches. In the ex
ample problem, the entire ultimate shear of 520 kips must be
transferred through this two-and-a-half inch slot. The re
sulting shear stress is 580 psi, greater than the maximum al
lowable shear stress permitted as a measure of diagonal ten
sion. The common approach in the practice today is to assume
that shear friction theory applies to these conditions, and
that an allowable stress of 800 psi is acceptable. This as
sumption, however, is not documented in the literature, nor in
dicated in design examples or procedural applications. Very
often, reviewers are highly critical of this type of a detail,
and insist on rather large factors of safety, even though de
sign shears are representative of spectral accelerations in
excess of· .5g.

Shear transfer at B is also critical. Here, the problems
are somewhat different. There are two basic conditions which
usually occur at this point. Case I involves a condition in
which the floor slab is poured, and a hollow core wall is
placed on top of the previously poured floor. This requires
dropping concrete eight feet through the voids, and counting
on its ability to bond, or transfer stress at the floor line.
Cleanouts or voids are provided at the lower part of the panel
to insure that grout has reached the lowest surface under e
nough pressure to create a good bond.

Case 2 involves the placement of a prefabricated solid pan
el on a previously poured floor slab. In these instances, ver
tical reinforcing dowels are usual'ly embedded in partial voids
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cast in the panel, which are then grouted from the side. Usu
ally, an attempt is made in developing a shear key at the base
of the wall, grouting that shear key so as to transfer the
shear.

A dry joint of some variety with an associated allowable
shear transfer mechanism would be invaluable to the prefabri
cated concrete bui lding industry. The need for an extensive
test program on joints of this type is essential to the effec
tive economical use of prefabricated products.

The shear transfer problem in large buildings with perime
ter shear walls is also of major concern to the structural en
gineer. A typical condition is detailed on Figure 3. Very
high shear stresses must be transferred from a large diaphragm
to a previously constructed masonry wall. Shear transfer tech
niques of all varieties are often employed. Precast elements
are often held back from the wall to permit pour strips of vary
ing widths adjacent to the wall. Shear keys are installed in
the walls. Dowels are cast in the wall, and extended into the
topping slab diagonally. Reliable procedures for transferring
stresses on the order of five and six kips per lineal foot
must be developed if any reliance is to be placed on this type
of construction.

Test programs must be developed to determine the effective
ness of shear transfer across joints utilizing dowels embedded
in a three inch topping slab. Test results should be compared
with shear friction theory since it is the most widely used
concept for evaluating the strength of this type of joint. A
variety of details including shear keys, pour strips, combined
with various wall surfaces should be investigated.

Diaphragm Stiffness and Reliability

An unusually large diaphragm, though one which would be al
lowed by building codes, is shown on Figure 4. The current code
[3]would require a minimum shear capacity in this diaphragm
equivalent to a uniform acceleration of .25g. This would gen
erate a maximum shear force along line I of 5.25 kips per foot
with an associated shear stress in the topping slab of 146 psi.
The calculated deflection of the diaphragm based on the moment
of inertia and area of the topping slab would be less than .25
inches. Chord tension forces occurring at 2-A and 2-B is on
the order of 400 kips. The calculated period for diaphragms of
this type is on the order of .2 sec or less.

Is the calculated stiffness and hence period and deflec
tion determination accurate? Does the theory account for the
cracking which occurs in the topping slab? Does the amount of
reinforcing crossing cracks affect the overall stiffness of the
system? Forced or ambient vibration tests might be of some
assistance in evaluating diaphragm stiffness. Destructive



testing of bays or models could be very informative.

Are anticipated diaphragm forces considerably higher than
those suggested by the code? Many engineers feel that they are.
Analytic work on assemblies such as floor diaphragms is required.
What are the dynamic loads imposed on the shear walls?

Is the strength of the diaphragm severely effected by
cracking on the order of 1/32 of an inch? Whereas there has
been quite a bit of work done on shear transfer across cracks,
little or none of it seems to apply to thin reinforced dia
phragms. Mesh is the ideal reinforcing for diaphragms of this
type. Is it effective in terms of shear transfer across random
cracks? Tests should be performed on thin stiffened topping
slabs reinforced with mesh (6 X 6 - 6/6, 6 X 6, 10/10) and var
ious reinforcing patterns (#3's @ 18 inches on center, #3 @ 12
inches on center).

Indicated chord forces are quite high. Are these forces
realistic? Destructive model testing might shed some light on
this subject.

The list is endless. Damping, construction joint strength,
and many other subjects could be added. Many years of research
are required to develop a reliable design criterion.

Dynamic Characteristics of Prefabricated Buildings

Many prefabricated buildings in the three to eight story
range designed dynamically using spectral techniques use spec
tral intensities which are not in the amplified portion of the
spectrum. The use of the ground motion spectrum is based upon
the unusually stiff building which results with the normal ap
plication of prefabricated products. The twelve story building
previously discussed (Figure l) has a computed fundamental
transverse period of about .45 sec. Forced vibration tests
coupled with the installation of a permanent monitoring pro
gram in intermediate height high rise buildings should produce
valuable insight into the dynamic characteristics of these
buildings.

CONCLUS I ON

It should be fairly obvious that very little reliable in
formation is available to the engineer who wishes to undertake
the design of a prefabricated building in a seismically active
area. The alternatives available are:

--to design all structures using proven systems and
deny society of the economies afforded by prefab
ricated buildings
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--expose society to the higher level of risk asso
ciated with extending existing research to pseudo
analogous conditions

--apply unrealistic safety factors to all prefabri
cated construction to account for the lack of in
formation available, thus not taking full advan
tage of available economies.

None of these alternatives are attractive to the engineering
profession. The only true engineering approach is to develop
those tools necessary to provide society with the most econo
mical solution consistent with the natural and functional con
straints of a project.

1. Kripanarayanan, K. M. and Fintel, M., "Analysis and
Design of Tilt-up Reinforced Concrete Wall Panels", Journal
of the American Concrete Institute, January, 1974.

2. Building Code Requirements for Reinforced Concrete
(ACI 318-71), November, 1971.

3. Uniform Building Code, 1976 edition, International
Conference of Building Officials, Whittier, California.
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1. INTRODUCTION

The problems of referring to application of large panel precast systems in
seismic regions are extremely important and are closely related to a wide com
plex of conditions. Due to its appearance, this system is attractive and is
widely used in housing construction allover Europe. During recent years many
countries have shown an increasing interest in the application of large panel
systems, so at present even developed countries like the U.S. and Japan are
interested in the application of this system. The large panel buildings con
structed in precast systems can satisfy the increasing demand for mass housing
construction.

The construction of such systems in seismic regions is mainly based on
investigations both theoretical and experimental with special attention to the
structural connections. At the same time, efforts are made to stick to the
basic design concept, Which, in the case of large panel construction, means
achievement of the closest possible similarity with the monolith structural
systems.

Until the earthquake of Tashkent, USSR, in 1967 and the disastrous earth
quake of Romania of March 4, 1977, there were no available data for the beha
viour of these systems during strong earthquakes.

F~om the experience with the development and application of this struc
tural system, the following can be concluded: The development and application
of large panel systems has been accompanied by experimental and theoretical
research in this field. The results of some investigation programmes enable
verification of the stability of the investigated systems and provide a basis
for design of new structures in large panel systems.

The adopted concept that the design of precast large panel systems should
be similar or identical to the monolith system cannot be readily applied since
all problems related to the stability of earthquake resistant monolith struc
tures have not been solved yet. Therefore, the advanced development of housing
construction allover the world, as well as the development and wide applica
tion of this system should initiate experimental and theoretical investigations
aiming towards a definition of the seismic stability of large panel systems.

*Author of Section 3.4
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2. Application of Large fanel 8Y$tem$ in Europe

After the Second World War, in order to satisfy the extensive housing pro
gramme and to meet quickly the housing requirement, many European countries,
such as the USSR, France, Denmark, England, West Germany, East Germany, Hungary,
Poland, Romania, Bulgaria, Yugoslavia, etc., adopted the precast large panel
system as favourable structural and technological system.

This system was adopted in the mass construction both in inactive and active
seismic regions. In the earthquake endangered Eastern European countries the
basic design concept was to construct large panel structures with appropriate
connections which would make them similar to monolithic cast in situ systems
(monolithic cast in situ shear walls). The concept was proved satisfactory in
the behaviour of these structural systems during the Romanian earthquake. How
ever, in seismically safe countries, the level and extent of cast-in-place pro
cedure is rather decreased in order to simplify and speed up the mounting tech
nology. The technological development brought to light the instability problem
of this type of structure which was emphasized after the collapse of such a
building in Ronan Point, London, England.

Most of the Ea$tern European countries have their national codes compr~s~ng

general regulations for design and calculation of this type of structure with
out going deeper into the complexity of their performance in the nonlinear range
(e.g. nonlinear performance of connections).

"Les Code International" are regulations for large panel structures which
were adopted in 1969 by the C.E.B., CIB and UEA and are rather detailed recom
mendations which refer to the design of these structures for dead load plus wind
load. However, due to the lack of both theoretical and experimental investiga
tion results they do not include any criteria or regulations for aseismic design
of these structures. Nevertheless, these structures are widely used, as we men
tioned before, even in seismic regions allover Europe,mainly up to five storeys
in height. The progress of experimental and theoretical investigations enables
construction of multistorey large panel buildings of eight storeys in the USSR,
ten storeys in Romania and recently construction of buildings taller than 10
storeys. In Yugoslavia, after the Skopje earthquake of July 26, 1963, large
panel buildings of 4 storey height were introduced, while today buildings as tall
as 21 storeys are constructed, such as the apartment block buildings in Zemun,
Belgrade.

3. SeiSmic Design Considerations

3.1 Structural Components and Configurations

When considering a structural system of precast large panels, the designers
almost always think of a monolith reinforced concrete structure. In order to
realize such a system, the structure and the structural members should be de
signed to include structural walls able to withstand both vertical and hori
zontal loads. This means that monolithic structures of panels acting as struc
tural walls could also be realized as large panel systems. This gives a pos
sibility for realization of the system according to alternative technological,
prefabrication and architectural programmes.

The basic concept for design of a precast system, inclUding the transfor
mation and design of assemblages of a monolithic structure into a large panel
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system, is developing according to the following criteria: technological pre
fabrication procedure, transportation, capacity of transportation facilities,
and the connection concept. According to European practice, the connecting
point between panels are the intersecting edges between the walls and the inter
section between the horizontal panels and walls.

Seismic considerations are given in correlation with the position and the
general conformation concept of connections, as follows:

(a) In order to provide sufficient strength of the system for earthquake
effects, it is necessary to incorporate earthquake resistant structural members
in both directions of the structure. Currently, in all seismic regions of Europe
especially in Eastern European, a two-way system which mobilizes all the walls
to withstand the seismic effects is adopted. This arrangement of vertical
structural panels is rather inefficient for small apartments. In future, thought
should be given to the concept that only a part of the existing walls should act
as structural walls during earthquakes. In this way, the external facade walls
and part of the internal walls would act as non-bearing walls. In this way,
the total length of connections would be decreased and a possibility given for
application of light weight material for the nonstructural members in the system.
The system so designed would have a much simpler configuration and at the same
time more clearly defined response to earthquake effects.

(b) In general, the walls may have various sections, rectangular and flanged.
Even the possibility for barbell section should not be excluded, although panel
walls of such section have not been used so far. Concerning reinforcement, the
reinforcing bars may· be longitudinal, transverse, and additional "confinement"
reinforcement. Their combination can improve the system as a Whole, resulting
in better performance during earthquakes.

(c) It is desirable to define in advance the zones where development of
nonlinear deformations is allowed, avoiding the performance in plastic range
particularly if it is necessary that the nonlinear deformations of the struc
tural panels are realized through reinforcement yielding due to overall bend
ing caused by overturning moment.

(d) In some cases the possibility should be considered to design a struc
ture with one part monolith, where nonlinear deformations are expected.

In the above paragraphs the experience with monolithic structures was
summarized in order to enable its application in precast large panel systems.

3.2 Connections

Today, many solutions for connections in large panel systems are in use.
Depending upon the construction method the connections can be dry, wet and
semi-wet. Their solution should provide sufficient strength to the structure.
The connections used in Europe are: reinforced concrete wet connections with
welded anchor reinforcement, dry connections with welded anchor reinforcement,
and prestressed combined (semi-wet) connections. The most frequent type of
connection used in the seismic zones of Europe is the wet reinforced concrete
connection with welded reinforcement. Figures 1, 2, 3 and 4 show several types
of connections used in the seismic zones of Yugoslavia.
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Hor izontal joints

Vertical joints

Fig. 1 Joint system used for "Hidrogadnja" 21 storey
building constructed in Zemun - Belgrade

In order to provide a force transfer between two panels, which force can
be due to compression, tension or shear, acting in the direction of or trans
verse to the connection, the following effect combinations should be analysed:
configuration of panel edges, additional concrete for casting in place, rein
forcement or other steel devices, transmission of stresses in reinforcement
(welding, slip and stirrups).

From the aseismic design viewpoint it is very important that, through
various combinations- of the above stated parameters for connections, the influ
ence of not only the strength capacity but the elastic and postelastic defor
mability characteristics, the energy absorption and dissipation capacity, as
well as the ductility should be defined. Based on these characteristics, the
connections can be elastic brittle or having sufficient postelastic deformable
capacity, the latter being recommended for use.

Taking into account these criteria, which at the same time are the basic
concept of earthquake resistant design of structures, the designer should use
only such types of connections which have performed sufficiently in the post
elastic range, without strength deterioration under cyclic loading, during
experimental tests.

A typical example of elasto plastic connections are the vertical connec
tions tested in Saint Remy-les Chevereuse, France, by Pommeret (Figs. 5 and 6).
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Fig. 2 Modified "Balancy" system for tall buildings in Belgrade zone
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Horizontal joints

Vertical joints

Fig. 3 Joint system "Spuz" in Titograd
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Har izontal joints

v er'tical joints

Fig. 4 Joint system "Karpos" in Skopje for 9 storey height
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Fig. 5 Typical curve for castellated panel edge configurations (1)

Typical curve for plan panel edge configurations (2)



Fig. 6

Shear tests were carried out on many members with static one-way load and
different types of joints (1) and (2). For correlation purposes experiments
applying cyclic loads were carried out as shown on the above figure. The pur
pose of Pommeret's investigations was to define the influence of each parameter
and give recommendations for elaboration of design criteria.

Interesting to be mentioned here is the example of the experimental research
on deformational and strength characteristics of connections of a particular
system constructed in Belgrade, Yugoslavia being 21 storeys high, as shown in
Fig. 7.
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3.3 Analysis of the Total Structure and the Structural Members

Having in mind that this type of structure is constructed in series, a
detailed analysis of structural members and the structure as a whole in combi
nation with experimental investigation is necessary.

Seismic analysis of structural members is rather difficult because of the
complex character of the precast large panel systems. The structure works in
space and the structural members are interconnected in both directions.

During the mathematical model formulation of the structure some simplifi
cations are necessary, even in case of complex three-dimensional analysis of
models (application of TABS programme, for example) which consists of:

Definition of structural members in the two orthogonal direction as
rectangular or flanged sections

- To assume that deformations of joints should be the same as those of
monolith structures

- Damping is- usually- considered as a factor of constant value, however the
damping effect is much more difficult to be determined as it has signi
ficant influence upon the dynamic response of structural systems

- Influence of soil-structure interaction, which is extremely important
for this type of structure, particularly for lower structures, it is
the factor which affects the mathematical model formulation considerably.

The above-mentioned aspects refer to the linear treatment of the structural
model response under earthquake effects; however, modeling of the nonlinear per
formance of the system is a rather more complex and cumbersome problem.

In European practice the analysis of large panel systems is a rather simple
one according to the existing Technical Provisions for aseismic design. It
should also be mentioned here that the three-dimensional response analysis of a
21 storey large panel building carried out in Yugoslavia is a combination of
field and laboratory investigations.

Stress analysi~--The stress analysis of both structural members and connections
(horizontal and vertical) is of significant importance. The European practice
usually applies empirical relations which are partially based on experimental
res-earch. Important to be mentioned here are the studies of Pommeret, where
the author derived empirical formulae for ultimate state calculation of joints.
Special attention is given to vertical joints depending upon the finishing of
the contact surface of the panel.

In defining the stress state of joints, i.e. their ultimate strength and
deformability, the following are of special importance:

- The mechanism of linear and nonlinear deformations within the system
(opening of joints)

- Type of joints, plain, castellated, with or without shear keys



- Amount and distribution of longitudinal and transverse reinforcement,
its quality and extension

- Cast-in-place procedure and friction in joints

3.4 Experimental Full-Scale Tests of Joints and Structural Assemblages

The increased application of industrialized methods of construction all
over the world requires both efforts and responsibilities of structural engi
neers in order to satisfy the necessary stability criteria. The problem is
even more complex since there are many precast systems which are equally con
structed in seismically active and inactive regions. However, due to the rela
tively short period of application of this type of structure in practice, there
is a lack of experimental data from observations of damage to these structures
during actual earthquake effects. A compensation for this lack can be provided
by programmed laboratory or field full-scale tests of structures.

The purpose of these experimental investigations is to:

(1) Define mechanical properties of horizontal and vertical joints of
large panel precast systems.

(2) Define the behaviour of multi-storey panels in given scale, in one
plane, with simulation of end conditions.

(3) Full-scale forced vibration studies and definition of the dynamic
properties of structures.

The investigations under (1) and (2) are performed under quasi-static con
ditions. Beside the strength characteristics of connections, very important
information is the behaviour of connections under reverse loads, i.e. their
capacity to withstand a large number of cyclic loads in postelastic range.
For realization of such investigations, specific equipment consisting of multi
component excitation system is necessary with precise force and deformation
control and data acquisition system. With such investigations data concerning
the ultimate strength of connections, ductility and reverse load capacity can
be obtained for loads due to pure shear, shear and moment with or without
gravity loads, etc.

Investigations under (3) are carried out by full-scale force vibration
tests of structures. The purpose of these studies is to define the dynamic
properties of the structural system for the first several translational modes
of vibration in the two orthogonal directions and torsion. Very important
information for the defined modes of vibration is the viscous damping capacity.
It should be pointed out that the above-mentioned investigations are performed
for linear behaviour of structures. The Institute of Earthquake Engineering
and Engineering Seismology (IZIIS), University of "Kiril and Metodij," Skopje,
has conducted such investigations on many structures in Yugoslavia, constructed
in different precast systems and different heights, from 5 to 21 storeys. In
some cases, valuable data concerning the soil-structure interaction are ob
tained by these investigations. The results obtained are published in sepa
rate reports of the Institute. General conclusions cannot be made since all
structures behave differently under dynamic harmonic excitations. For some
of the investigated structures, linear mathematical models have been formulated.
Beside these investigations IZIIS has carried out investigations of connections
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under quasi-static loads as mentioned under (1).
gations being carried out on two typical systems
be presented herein.

Some results of the investi
adopted in Yugoslavia will

The first system which will be presented here consists of large panel
members connected by shear keys with vertical and horizontal joints. Beside
the shear keys, the connection between two panels of this system is provided
by cast-in-place reinforced concrete columns. The extension of reinforcement
within shear keys is done by welded joints. All types of joints for this sys
tem were tested, namely three elements of each joint. Figure 8 shows the con
figuration of one element under testing conditions. The loading was maintained
by one direction force. Figure 9 shows the sequence of cracks for different
levels of exciting force. It is obvious that during this test the shear capa
city of the upper and lower panels was searched for the contact plain with the
floor slabs. Figure 7 shows the stress-strain relationship for the joint
represented in Fig. 8. From the beginning, up to the maximum force value, the
stiffness changes almost linearly. Under a force of 105, ot (point A), the
section is subjected to rapid yielding, while the member is unloaded to zero
(point B). In this unloading a permanent deformation of 7,0 mID is achieved.
From position B the member is loaded again up to the stage of complete failure
(point C), when complete separation of members takes place. The second load
ing stage (B-C) shows considerably larger ductility.
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Fig. 8 Position and configuration of tested panels

(j)J5.60 t
IJ)'2.72 t
053.~t

@105lXJt

Fig. 9 Crack lines

The second system, the connections of which
were experimentally tested, consists of large panel
members framed by cast-in-place reinforced concrete
columns and belt courses, Fig. 3. From many experi
ments carried out on this system, Fig. 10 shows the
stress-strain relationship. The gravity load effect
has been included also. In order to provide better
connection between the vertical and horizontal panels,
the contact surface was covered by an· epoxy layer.

Based on the laboratory tests carried out in
IZIIS as well as on the analysis made, it should be
pointed out that the experimental tests of connec
tions mentioned under (1) are the minimum required
experimental investigations for definition of the
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Fig. 10 Stress-strain relationship

stability of a structure constructed on the given system. For definition of
the suitability for construction in seismic zones of a precast system, tests
of multi-storey assemblages of connections and assemblages under quasi-static
reverse loads are necessary.

3.5 Design Procedure

Figure 11 gives a block diagram of experimental and theoretical investi
gations necessary for defining the seismic stability of large panel systems.

Building structure
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4. Behaviour of Large Panel Buildings during the Romanian Earthquake of
March 4, 1977

Our experience gathered from the failure of several prefabricated buildings
caused by the Agadir earthquake of 1960 could give only little data concerning
the behaviour of precast structures during earthquakes. However, a general
conclusion is made that precast structures suffer more damage than monolithic
structures.

We could say that up to the Romanian earthquake there were almost no data
about the behaviour of precast structures during strong earthquakes. During
this event the behaviour of the entire precast system in a wider range could be
verified for the first time, this specially referring to large panel systems
which in Romania have been applied as mass construction during the last twenty
years. The large panel systems constructed on the territory of the whole country
amounting to 120.000 - 150.000 apartments (out of which Bucharest has 75.000,
Ploeshti 12.000 and Kraiova 6000 - 8000) give a good possibility for analysis
of their behaviour, including parameters such as earthquake intensity, fre
quency content, soil conditions, height of the buildings, types of members,
connections, and so forth.

The earthquake epicenter of the March 4, 1977 earthquake was on the slope
of the Karpathain chain, at a depth of about 100 km and had a magnitude of 7.2
according to the Richter scale.

s

BULGARIA.':;0

The failures and damage due to the earthquake effect were experienced in
an area of 80.000 km2 , which is 1/3 of the whole Romanian territory. Also,
some destruction is evident in Bulgaria along the river Danube. The earthquake
was felt in Yugoslavia, too, with different intensity (Fig. 12).

,/ ........\ u
<1;- "

Ir ',\-,_-::> r '_,_," /-'~ '\.. ....
~Ir / ~

I
./

,...,.J

"Q)

Fig. 12 Map of Romania showing the region affected by March 4, 1977 earthquake



The geological, geophysical and geomechanical characteristics of the ter
ritory, as well as the large energy released in the epicenter, clarify the
destruction and damage of such a vast area.

In Bucharest, a ground surface acceleration of 0,20 g (component N-S) was
recorded by instrument SMAC, while at a distance of about 700 km in Nis, Yugo
slavis, ground acceleration of 0.04 g E-W component was recorded by SMA-l
instrument. Intersting to be mentioned here is the frequency content of this
earthquake if it is compared to some other earthquakes (Fig. 13).
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Fig. 13 Absolute acceleration response spectra for damping 5% of critical

The behaviour of different structural systems during the earthquake could
be summarized in general as:

- Slender reinforced concrete frame structures with brick masonry infilled
walls, constructed between 1930 and 1940, without earthquake resistant
design requirements, with low quality characteristics of concrete, in
sufficient percentage of reinforcement and unfavourable structural
composition. About 30 structures of this type failed while many of
them were badly damaged.

Structures constructed during the last twenty years in monolithic rein
forced concrete systems: bearing walls, infilled frame systems and com
posite systems consisting of frames, shear walls and bearing walls.
These systems give relatively good performance, showing different types
of damage which are mainly cracks which corresond to their postelastic
behaviour. It should be mentioned here that the first codes of Romania
were enforced after the Romanian earthquake of November 10, 1940, while
the contemporary regulations based on spectral analysis were brought in
in 1963.
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- The experienced behaviour of the precast structural systems was satis
factory, above all expectations, in spite of the different qualities of
construction of different types of structures.

The large panel structures were introduced in Romania about twenty years
ago. A priority was given to these systems during the last ten years, so today
about 75.000 apartments have been constructed in Bucharest in this system of
5 to 11 storey height. In Ploeshti, Which, according to the seismic zoning
map, is included in the zone of higher seismic intensity, the number of stories
is limited to 5 storeys.

According to European practice, Romania has adopted the "two-way" system.
Usually, all the panel walls both internal and facade are bearing walls. In
Bucharest, there is a panel system constructed 15 years ago, of eight storeys,
the external walls of which are not bearing walls. The foundation structure,
as well as the basement, is monolithic. An exception to this is a 10 storey
building in Bucharest which has as precast basement on precast foundations.
The first slab above the basement was constructed differently, both monolithic
and precast; however, in Ploeshti it is almost always a monolithic structure.

The connections of panels both horizontal and vertical are usually wet
connections placed in concrete in situ with welded anchor reinforcement, which
is characteristic of European systems.

Structural systems are mainly designed and analysed according to the
existing aseismic regulations, applying static methods for definition of the
static values while the stresses are defined for ultimate stress states.

The principal structural characteristics of the systems used are as follows:

1. Two-way system of 8 storeys and non-bearing facade panels. These
structures have no basement and the prefabricated system is placed on mono
lith foundations. It was constructed in series some 15 years ago in Bucharest.
It is solved with monolithic horizontal and vertical joints, welded reinforce
ment of vertical panels and monolith panels above the last precast structure.
Figure 14 shows some details of this system.

2. Two-way system of 10 storeys with basement. It is a precast basement
structure on monolithic foundations. The system is constructed in series in
Bucharest and its use will continue in the future, despite the recent earth
quake event. Figure 15 shows some details of this system.

3. Many structures in Bucharest have 5 storeys and monolithic basement.
Figure 16 gives details of some members and connections of this system. It
should be mentioned here that all panel systems in Bucharest have a shear base
coefficient of 7-9%, up to ultimate state.

4. In Ploeshti, which is closer to the epicentral region, construction of
large panel structures is limited to 5 storeys. They always have monolith
basements with monolith floor slab above it. The walls are in two-way system.
Figure 17 gives details of the most frequent type of system used. It should
be noticed here the enlarged section of the monolithic column in order to
increase its shear strength. This system was previously constructed without
this enlargement for shears. The base shear coefficient is 15%.
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Horizontal panel

Horizontal joint

In Kraiova, buildings with the same design, same number of storeys and
similar solutions are constructed. The plan and reinforcement distribution
are given in Fig. 18. These structures have a ,shear base coefficient of
10-12% up to the yield point in bending of the reinforcement.

5. In Kraiova a large panel system is both prefabricated and constructed.
It is a 5 storey system of box type, i.e. complete room. Each apartment con
sists of 3,5 boxes monolithically connected in situ along the edges by welding
and placed concrete. Each corner is then prestressed by vertical cables of
12 t (wire of 7W4 mm) along the height of the building, The prestressed cables
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Vertical panel

are then anchored to the monolithic basement walls which were constructed in
situ together with the foundation. Figure 19 shows details of this system.

In all Romanian towns all the large panel structures behaved very well
and generally speaking, they did not experience any significant structural
damage.

The overall performance of members within the structural systems was
'lualified as:

- Damage of the foundation structure has not been observed.

- Horizontal panels performed as horizontal rigid diaphragms, without
damage

- In vertical panels there are no observable cracks. An exception is a
building in Kraiova where several longitudinal internal panel walls
(without openings) developed fine vertical cracks.

- Also, in some structures on the first and second floors there are
shrinkage cracks in joints in the contacts between the concrete placed
in situ and the panels which specially refer to the vertical joints,
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especially in the flanged joints. The order of these cracks is from
0.1 to 0.3 mm, rarely bigger than that. The cracks are mainly con
centrated on the first and less on the second floor and as a rule in
the intermediate infilled panel walls.

- The horizontal joints occasionally develop cracks close to the place
where vertical cracks appear and stretch 1 to 2,0 m from the contact
edges towards the middle of the room.

It should be mentioned here that such cracks in the vertical joints close
to horizontal cracks are observed on on much smaller number of structures,
regardless of the system and location (Bucharest, Ploeshti, and Kraiova).

- Sometimes, very fine cracks appear in the connection with prefabricated
staircase.
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- An interesting case observed in Kraiova should be mentioned here, namely
in some structures the reinforcement is anchored to the belt course at
the level of the floor slab above the basement. In such a structure,
there was a case of a joint opening under the first slab in the place
where the column reinforcement was anchored.

The satisfactory performance of the system, as compared to other systems,
during the March 4, 1977 earthquake can be explained by:

- High base shear coefficient as compared to the predominant natural dyna
mic characteristics of structures, soil conditions and the type and
intensity of the earthquake motion - frequency content.

- Sufficient number and favourable distribution of the panels in the two
way system.

- High level of the cast-in-place of connections, the required length,
which provides sufficient monolithic effect regardless of the poor
quality of construction.

- The Whole bUilding worked as a box system with a capacity for energy
dissipation in the ground at the soil-foundation level.

- Possibilities for bigger damping of the whole system due to joints.
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- Energy dissipation in the fine cracks on the contact in vertical and
partly in horizontal joints in the zones of shrinkage cracks.

- The quality of concrete is much better than in the case of monolithic
structures even if there are some faults in the cast-in-place joints
and welding of reinforcement.

CONCLUSIONS AND RECOMMENDATIONS

The large panel structures are usually constructed in large series accord
ing to the adopted technological solution and similar design. Therefore, for
definition of the seismic stability of the system,complete experimental and
theoretical investigations should necessarily be carried out.

The mathematical model formulation needs much more study both for linear
and nonlinear range. Simplification is usually introduced by secant stiffness.
The deformable capacity and ductility are closely related with the connection
system applied. As it is well known, some experimental studies have already
been carried out; however, there are no sufficient data which would explain the
behaviour of all types of connections. The performance of joint types: welded
bolted, post-tensioned are less interesting than the cast-in-place wet joints.
For complete understanding of the performance of a structure, the behaviour of
joints should also be defined. Therefore, at least minimum experimental inves
tigations of joint characteristics are necessary.

The opening effect of joints, i.e. development of cracks in joints, is
very important as well as the degree of participation of the flange walls in
resisting lateral loads. The local damage of a structure due to earthquakes
could endanger the whole stability of the system. In that case, joints become
critical points for development of progressive collapse. This problem shoUld
be treated in the design of structures. The soil-structure interaction is
very important in the aseismic design. Foundations should, through their
proportions and solution, make use of the shear base capacity of the structure.

In the aseismic design standards, these structures should not be regarded
as identical with monolithic ones. If equivalent earthquake loads are in
question, they should be larger than those for ordinary monolithic structures.

Mathematical models should be formulated according to extensive experi
mental research. Theoretical structural analyses should be as detailed as
possible. Advantage has the three-dimensional space analysis for both static
and dynamic effects.

Nowadays, the finite element method is the most frequently used for
the formulation of mathematical models.

The large panel system is extensively used allover Europe today. The
satisfactory performance of these structures during the Romanian earthqUake
would only contribute to wider application of this system, even for taller
buildings in seismic zones.

However, these conclusions should not be generalized since real behaviour
of structures during earthquakes depends upon the earthquake intensity and
frequency content, the soil conditions and the structural parameters.



Having in mind that, for the first time, such a big zone covered by large
panel systems with over 150.000 apartments was affected by a strong earthquake,
an international research project which would investigate the behaviour of
these structures during strong earthquakes is necessary, and would enable
elaboration of recommendations and instructions for aseismic design of large
panel systems in the future.
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INTRODUCT ION

The material presented herein is limited to precast concrete bearing
wall type buildings. Furthermore, it is limited to the construction methods
and the types of details most commonly employed in the United States and
Canada. It is felt that the layout of the buildings, construction methods,
economics of construction, and methods of joining precast concrete components
in the United States and Canada are significantly different from European
practices, and, therefore, the emphasis is on North American practice.

The majority of the precast concrete bearing wall buildings in this
country are constructed for well defined compartmentalized use, such as
apartment complexes, housing for elderly, hotels, motels, etc. By the necessity
of space planning, these buildings tend to be what is commonly known as
"double loaded corridor type," which means the plan layout is rectangular in
general with length to width ratio varying from 2 to 5 (Figure 1). High rise
buildings in congested metropolitan areas have also used a "pinwheel" type
design (Figure 2).

Some isolated projects such as Habitat '67 in Montreal, Canada and the
San Antonio Hilton in the U.S.A. have used volumetric concrete units with most
of the finishes, including interior decorations, completed before erection and
placement of the modules in their final location. The author was actively
involved in Habitat '67 project.

Some other systems utilize combinations of walls, volumetric utility
modules, and other specially designed components. Recently active interest
has been generated in tilt-up wall panel construction. These wall panels are
site fabricated and tilted-up to their final location. The advantage being
that the large surfaces can be cast since no transportation and erection
restrictions apply. Usually this type of construction is limited to exterior
wall panels and has not found wide applications in structures other than
warehouses, low rise office buildings, and buildings of similar nature.
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However, the most commonly designed and constructed buildings are "doutle
loated corridor type." These buildings could be further divided into two main
categories, namely: 1) cross wall type (Figure 1), and 2) long wall type
(Figure 3). These are briefly described below.

1. Cross Wall Trpe - Bearing walls are normally spaced from 22' to 36'
on centers along theong direction of the building. The walls across the
corridor usually are not connected for any designed lateral force transfer.
In that regard, they are not coupled shear walls although some coupling action
exists. The prestressed concrete floors of the extruded type span the walls
and are supported directly on them with a plastic bearing strip to prevent the
chipping of edges and to allow small rotational deformations. The lateral force
resisting system in the long direction is usually provided by a combination of
staircore units, elevator shafts, and possibly some shear walls if required.
The external skin of the building is usually architectural in nature and non
load bearing. Bricks and metal skins are used frequently except where precast
concrete parapets and balconies are provided. Sometimes architecturally
treated concrete wall panels are also used.

2. Long Wall Type - The plan layout of this building is essentially the
same as described under the cross wall type. However, the structural components
are arranged differently. Usually, a wall along one side of the corridor runs
the length of the building. This wall, of course, is in several room size
sections and contains openings for doors as well. The framing at the exterior
long edges of the building consists of either beams and columns, other precast
walls, or special units. The floor spans between the corridor wall and
exterior framing and may cantilever out for balconies, if required.

Although most of us are familiar with all of the above descriptions and
are available elsewhere, these are made a part of this paper to re-emphasis
the layout of these most commonly designed and constructed buildings in
North America and to try to understand their behavior.

SOME IMPORTANT CONSIDERATIONS

Slenderness, Seismic Zone, and Codes

Before one can establish a design criteria, it is necessary to take into
consideration the height of the building, seismic zone, and regulatory code.

The height of the building is important because it influences the behavior
of shear wall. Let us consider a typical 24' long wall in an apartment
building. The height/length ratios of this wall are as follows and conse~uentlJ

the mode of behavior of this wall under lateral loads is different.

(H)2 ft. L (ft) H/L 1

3 Story Building 26.01 24 1. 08
6 Story Building 52.02 24 2.16

12 Story Building 104.04 24 4.34
18 Story Building 156.06 24 6.50
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It can be observed that as the height of the building increases, the
flexural behavior of the wall influences the design. Whereas in the low rise
buildings, it is the shear behavior which predominates. Perhaps it is more
appropriate to concentrate on the slenderness ratio of the lateral load
resisting system. While these concepts hold true for a monolithic wall, what
concepts of behavior should one apply to precast concrete bearing wall buildings
with the full knowledge that joint-slip occurs and may be particularly important
where H/L ratios are low as compared to more slender walls for the same given
lateral load at a joint? Do we need to provide vertical connections between
walls uniformly along the length to reduce slip and provide adequate shear
friction reinforcement rather than connections only at ends?

When one talks about seismic loads, immediately a designer's mind is
focused to high-seismicity areas. One must, however, recognize that in zones
of medium to low seismicity, the design provisions could be modified in terms
of ductility and perhaps several other requirements.

The code of practice most widely used is either the Uniform Building Code
or variations of it. This code does not address itself to precast concrete
buildings. In fact, very little guidance is available to the designer and at
present all the designs are accomplished assuming the walls to be similar to
cast-in-place concrete walls.

Wa 11 Behavior

Since the basic criteria behind the UBC code is high seismicity regions,
the requirements call for ductility. However, very little about the wall
ductility is known and it depends upon which mode of shear wall behavior pre
dominates, i.e. if the shear deformation is significant (some authors suggest
10% of the total deformation as significant (2), then the shear wall is a non
ductile element. On the other hand, if the flexural deformation is the primary
mode while storing flexural strain energy, then the wall behaves like a flexural
beam and could be made a ductile element if properly reinforced.

How does one provide ductility in precast concrete shear walls? If the
ductility is defined as the ratio of total energy capacity of a member to its
elastic energy capacity, can one achieve ductility through shear strain energy
capacity rather than flexural strain energy if that is the primary mode of
behavior? Ductility depends on several factors and can be conviently written
as:

u = F (ka. p. Ks. Kc. f p)

where Ka =~ ratio of design axial load to axial load capacity
at balanced condition.

1. The slight error in these figures is due to rounding off to the second decimal.

2. Typical floor to floor height 8' 8".
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p ratio of non-prestressed steel.

Ks shape factor for wall.

Kc coefficient based upon design concrete strength.

Pp = ratio of prestressed reinforcement.

u = ductil ity.

F Function

While the effect of each of the above factors could be further expounded
upon and explained in detail, it is not the objective of this paper. They are
listed here merely to draw attention to the numbers of variables involved in
determining the ductility of a given shear wall.

At least two other variables have to be added to the precast concrete walls.
1) Effect of joint and joint material, and 2) effect of discrete connections.
Then, for precast concrete walls,

up F (Ka. p. Ks. Kc. (p. Jc. Jh.)

where
u

P

Jc

Jh

F

ductility for precast concrete walls.

coefficient dependent upon joint material and joint
thickness.

coefficient dependent upon the hardware material,
number of connections, and anchorage details.

Function.

Rest of the factors are same as in above.

Design Criteria

Finally, when a design engineer faces the problem of designing an actual
building, he has to use some code of practice as dictated by a particular
regulatory authority. Since most codes for seismic design are based on UBC,
let us consider the UBC as our basic code of practice. Some of the questions
that arise in a designer's mind are listed and briefly discussed below.

Wind or Earthquake

While this might sound like a relatively simple decision to make, let us
ponder on it for a while. If a building is long and narrow like the typical



building in Figure I, consider two heights: 1) 8 story building, and 2) 18
story building. Buildings to be designed for zone '1' earthquake and wind
pressure corresponding to zone '2S'.

In an 8 story building you will find that the earthquake forces govern
in both directions. Whereas in an 18 story building, you will note that
earthquake forces govern in one direction but the wind forces govern in another
direction. Can we design the building on this basis? We know that in a real
earthquake the intensity of loads will be several times higher than code
specified forces.

If, as a prudent design, the building is designed for earthquake loads
in both directions, can this be economically competitive with the design of
others who strictly follow the code? While the wind force is a function of
shape and geometry of the building for a given location, the seismic loads are
essentially "inertial" in nature and depend on the mass of the structure for
a given location and framing system. Although a lateral load resisting system
is symmetrical, due considerations must be given to forces generated due to
torsion in seismic loads.

Base Shear

One of the basic quantities a designer establishes is the base shear,
assuming of course that the mass is calculated. Base shear is defined by
the code as:

v = ZKICSW

'z' and 'K' are well defined for a given seismic region and framing
system. Assuming ours to be an apartment building, I = 1.0 and let us say
S = 1.S for simplicity. 'W' can be accurately calculated. That leaves us
with determination of 'C'. According to UBC 1976, 'C' is as below:

C
Ish

and

O.OShn
T

10

This is where the problem starts. Due to the presence of joints, is the
formula applicable to precast shear walls? What influence, if any, do the
joints and connection hardware have? The connecting hardware, joint material,
and wall material all have different properties. How does this affect the
fundamental elastic vibration period? All of us assume the wall to be a
continuously connected homogeneous member for determing 'T'. We don't know

1841
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whether we are on the conservative or non-conservative side:

Distribution and Transfer of Forces

Having determined the total base shear based on the assumption of
monolithic construction, one is faced with distributing and transferring these
forces to various elements and ultimately to foundation systems.

According to the current code practice, the distribution of forces over
the height of the building results in a triangular shaped force diagram (see
Figure 4) with a possible "whiplash" force at the top of the building if 'T'
is greater than 0.7 secs. (1976 UBC Code). This "whiplash" force was related
to the slenderness of the lateral force resisting system in earlier codes.
In the 1976 code, however, it is related to 'T' which is a function of plan
dimension of the total building rather than the lateral force resisting system.
The additional force at the top is based on higher deflections and therefore
higher accelerations at the top.

Are the assumptions of the linear distribution and additional forces ~
at the top correct for precast concrete bearing wall buildings? Does the
period and load distribution change with the rapid joint degradation and as
the higher modes of vibration become significantly important? If this is true,
what is the additional force at several other levels and what redistribution
takes place? Does uniform shear wall, in effect, become a tapering cantilever
with progressive opening of joints? What effect does the joint-slip have on
redistribution of forces? These questions at present do not have answers.

Joints, Interconnections, and Cyclic Loading

Joints are least understood and mostly ignored by the design engineers, and
yet it is the most important aspect of precast concrete buildings. Two specific
joints I would like to concentrate upon are: 1) bearing joint, and 2) horizontal
joint between floor units. There are, of course, several other joints of
importance, but let us consider these two joints only at the present time.

Bearing Joint - This most commonly used joint is shown in Figure 5. At
one particular section of this joint as many as 5 - 6 different materials
may be interacting. At the very least, the load transfer mechanism is complex.
Research work is being carried out at PCA to study the behavior of such a
joint under lateral loads with various levels of precompression. Some work,
theoretical and physical testing, has been accomplished to determine the
vertical load carrying capacity of such a joint.

Horizontal Joint Between Floors - The horizontal joint between precast
prestressed concrete floor members (Figure 6) is of prime importance, particularl
if no topping concrete is used.' In many buildings the topping is ommitted for
economic reasons. This joint has interface forces due to diaphragm action
which need to be transferred to the shear walls. Almost always, this joint, in
the form of a key, is grouted along with a rebar in it. The rebar spans over
the wall to form a tie between adjacent span floor members. Since the grout
is fluid with a very high water/cement ratio and the floor planks are virtually
dry, they absorb water from the grout and create a definite crack along the
joint. The bond characteristics of the rebar in the narrow key, at best, are
intutive in nature.
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The differential camber between adjacent units, particularly around the
stairs, elevators, and at the roof level, further aggrevates the problem.
What design forces can one assume for this joint? In other words, what is the
capacity of this joint?

Connections

Primary connections are used for shear transfer from floor systems to
walls and for vertical continuity between walls. Shear from the floor diaphragm
is transferred to walls by gravity friction, shear-friction mechanism, clamping
actions, and sometimes by direct bearing on concrete. Due to the opening of
the bearing joint, particularly at lower levels, the shear force cannot be
transferred uniformly along the length of the wall. Also, due to rocking
motion (5), some crushing of concrete and joint material is expected. How
much length of wall is really effective in taking shear forces and finally
transferring it to the foundation system?

Vertical continuity is normally achieved in two ways: 1) by bolted connections,
usually only two per wall, located near the end of the walls, and 2) by post
tensioning bars, also usually only two, near the end of the walls.

In case of bolted connections, the yielding of the bolt and possible
failure in tension or compression has to be considered. But remember, in its
entire length the wall is usually connected only at two locations to the wall
above and below. Is this correct? DO.we need additional connections in the
middle region of the wallar uniformly spaced connections over the entire length?
How does the shear friction mechanism work with only two bolts, particularly
where shear deformations are important and joint slip has to be taken into
account?

Where continuity is achieved through post-tensioning, two methods prevail:
1) ungrouted bars, and 2) grouted bars. The primary reason to use post-tensioning
is to at least nullify the tensile stresses under the code specified loads. The
bars are typically stressed to 70% of their ultimate value. Considering the
intensities of forces under a real earthquake, does this level of prestressing
force make any sense? Should we be stressing the bars to only, say 40% -50%
of the ultimate capacity and use a larger number of bars? Is the post-tensioned
bar fully or partially effective as shear friction reinforcement?

Since the failure of anchorages (pulling out) during the 1964 Alaskan
earthquake, the unbonded post-tensioning system has been heavily criticized.
However, today most of these anchorages are direct bearing type and do not
depend upon the strength of surrounding concrete for anchorage strength as in
the case of conical spiral anchorage. The anchorages are located, however, in
the very region where reverse load cycling is most intense, i.e. within the
joints. Maybe we should work towards post-tensioning only every three floors
and stagger the anchorages (Figure 7). How does an un bonded bar behave after
its low level of prestress is nullified? In case of bonded construction, what
is the level of force at which the bond becomes ineffective? The bar then
behaves as in unbonded construction. It is extremely difficult to achieve any
confining reinforcement around the post-tensioning bar since it interfers with
the wall reinforcement during production process and the labor costs are much
higher.
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Horizontal Shear Diaphragm

For distribution of lateral loads, it is assumed that the floor diaphragm
is rigid. However, several questions must be raised. In case of concrete
topping, normally 2" thick with only temperature reinforcement, many designers
assume that the topping thickness is the depth of the diaphragm and that it
may not be rigid. In untopped as well as in topped construction, the floor
system is full of air voids without any reinforcement in the top face of the
extruded floor plank. This is the most widely used floor member. What is the
strength of such a diaphragm and is the assumption of rigid diaphragm true?
Do we need chord reinforcement in each key joint or only at the edges of the
total depth of the diaphragm in case of untopped construction?

What forces in addition to shear forces are developed at the diaphragm-
wall interface due to rocking, opening of joints, and yielding of post-tensioning
or other connecting hardware? What is the effect of all of these forces on
the bearing ends of precast concrete planks? Will they eventually become
unstable and fall down due to narrow bearing widths? How can we increase the
bearing width if necessary?

Energy Dissipation

Since not much information is available on this subject, designers don't
understand how this is achieved and hence they tend to ignore it. The important
consideration should be that "energy is dissi§ated" and not "absorbed" and thrown
back into the system. Some work on understan ing this mechanism is being
conducted at MIT (5).

OTHER DESIGN CONSIDERATIONS

Foundations

Many bearing walls are supported on individual strip footing with
ties between the footing and first story walls. Since the walls are long and
rigid, the concept of a foundation trying to hold the wall down may no longer
be true. In fact, the footing wall may become part of the shear wall and the
foundation rotations higher than expected may result thereby aggrevating the
seismic loads.

Other Support Systems

In several designs, shear walls are discontinued at the first story level
to create large open areas and are supported on column-beam frame. While this
may provide some "soft story" advantages, my concern is about the load transfer
mechanism between the frame and the wall system above. There is arching action
(Figure 8) and the beam ends have higher bearing stresses (Figure 9). In
addition to this, the stresses due to seismic loads must be added, particularly
the high impact compressive forces as a result of rocking motion. This support
mechanism must be well understood and properly designed.
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Torsion

The earthquake forces are supposed to be acting in any direction and it
is only for the convenience of the design that the force components are resolved
in two perpendicular directions. A designer must always keep that in mind. All
elements in the plan layout of the building participate in resisting torsional
forces. Due to this, some elements could develop "out of plane" instability.
All elements must be well tied together. These forces should also be considered
while developing connections between floor diaphragm and walls.

Vertical Acceleration

This is never considered by the designer since no guidelines are available.
However, vertical accelerations in excess of 1.0 g have been observed in some
European earthquakes. Due to the componetized structure of the bearing wall
building, this consideration is very important.

Ductility/Flexibility

Many of us get confused by the two terms and think that they mean the same
thing. In fact, the meanings are quite different. Ductility is the ability to
undergo large strain deformations without breaking, e.g. gold. Whereas flexibility
is the ability to bend without breaking up to a critical load limit. Once that
limit is exceeded, a sudden brittle failure occurs, e.g. fiberglass.

Whenever in Doubt - - - -

As is most common in the everyday design practice, an engineer will design
conservatively whenever the forces are not properly understood. While this may
turn out to be a good practice in several designs, in some areas of seismic
resistant design it is not advisable, e.g. connections of exterior precast non
load sharing members could be over designed, thereby providing extra strength
but little ductility and thereby generating discrete areas for brittle failure.

Economic Considerations

Finally as a fact of life in everyday design, precast concrete bearing wall
structures have to compete with other materials and particularly with reinforced
hollow block masonry. Not many questions arise in designing the hollow masonry
walls since they could be effectively tied vertically and with the floor members.
These could be designed like other continuous shear wall structures.

The author has designed over 4000 housing units utilizing precast concrete
bearing walls, volumetric units, combinations of shear walls, and special units.
A majority of these buildings are in seismic regions. We had to justify the
use of precast concrete bearing walls as compared to reinforced masonry based
on economics. If the precast concrete bearing wall buildings are going to be
economically competitive with other materials, we as designers must understand
their behavior to exercise best engineering judgement in producing economic
design. The precast concrete industry must be willing to work with designers
and researchers in developing and using new products, sound concepts, and
different connection methods.
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CONCLUSIONS

Understanding the behavior of precast concrete bearing wall buildings
is very complex and much more research must be done before designers can
fully comprehend the problems involved. Vertical continuity and tieing of
all the components is extremely important. Joint behavior and its overall
effects needs to be studied carefully. Structural layout considerations
Figure 10 should playa more important role in the overall building design.
New code specified load levels may need to be generated for these buildings.
An understanding that the seismic forces are dynamic in nature and only
"static" in codes for simplicity has more significance in multi-jointed
precast concrete bearing wall type structures as compared to monolithic
concrete structures. Until a final recommendation is available, the designers
need to be extra cautious while undertaking design of these buildings. Finally,
with the evidence of excellent behavior of shear wall building in recent
earthquakes, the precast concrete bearing wall buildings may also find wide
application in seismically active regions, if properly designed.
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INTRODUCTION

There are certain design compatabilities which exist between seismic
considerations and the concept of "general structural integrity" or
resistance of buildings to progressive collapse. In addition, multistory
precast concrete bearing wall buildings are subject to weaknesses with
regard to seismic resistance as well as progressive collapse. However,
there is very little research on the general structural integrity of
precast concrete panel buildings as evidenced by the draft preprints of
this Research Workshop on Earthquake Resistant Reinforced Concrete
Building Construction. The state-of-knowledge of the behavior of precast
concrete bearing wall buildings to seismic loads is also very limited.
Correlation of general design provisions for seismic and progressive
collapse will be presented. Voids in the state-of-knowledge and research
needs will also be discussed.

STRUCTURAL BEHAVIOR

Seismic Response

There is a fundamental difference between the behavior of cast-in-place
concrete bUildings and precast panel buildings when subjected to dynamic
lateral forces. Research at MIT (1) has shown that there is an extremely
complex mechanism that occurs when a panelized structure is subjected to
dynamic oscillatory forces. Their analytical studies seem to show that
connections behave nonlinearly in several different ways when subjected to
cyclic loading. There is a possibility of cracking and softening of the
insitu concrete jOint, yielding of the connection reinforcement, and
slippage along the panel-joint interface.

A rocking motion may be induced which is peculiar to panelized
construction. This rocking motion plus stress concentrations caused by
overturning and lateral shears could cause failure in either the connection
or in the panel at the corners.

Design forces and force distributions in seismic design codes are based
on flexural ductility which may not be directly applicable to concrete panel
buildings. Medium-rise structures (under six stories) of precast concrete



panels probably have sufficient strength and stiffness to remain in the
elastic range during earthquakes. Therefore, buildings of a limited
height could probably be designed for strength only. Their energy
dissipating properties would thus preclude behavior in the inelastic range.

Highrise precast panel structures, however, should be designed with
adequate vertical reinforcement and horizontal shear-resistant joints, and
with ductile vertical and horizontal connections between all precast
elements. In addition, precautions must be taken to prevent degradation
or softening of the horizontal insitu concrete joint at the edges of the
wall panels.

Another area of dissimilarity in response of precast vs. insitu
concrete buildings to dynamic cyclic loading, is floor diaphragms. The
relative flexibilities of the two systems are quite different. The overall
response of the structure and distribution of seismic forces within the
structure is affected by the varied diaphragm action. Any nonsymmetry or
eccentricities in the building could further compound the problem. The
need for peripheral and horizontal transverse and longitudinal reinforce
ment to maintain diaphragm action in precast concrete floor systems is
apparent. Much more dynamic testing must be conducted to verify the
analytical results reported by Becker and Llorente, MIT (1).

Progressive Collapse

Most structures will remain stable under normal gravity loads and also
are usually designed to withstand normal lateral loads such as wind and
earthquakes. RUD's major concern is how resistant are buildings, constructed
in areas of low seismicity and low probable wind forces, to abnormal loading
conditions such as explosions, vehicular collisions, tornados, faulty
practice, excessive eccentricities, etc? Designers generally consider these
abnormal loadings to have a low probability of occurrence and therefore
neglect them (5).

Generally, also neglected by designers is the overall three-dimensional
stability of statically indeterminate multistory structures. Engineers in
many areas of the country are not familiar with nor concerned with dynamic
response of buildings to lateral wind and earthquake forces. Bearing walls
and load-carrying elements are generally designed for only gravity loads,
therefore continuity and ductility are not considered of major import. This
demonstrates the need for development of a "general structural integrity" of
all buildings.

Research sponsored by HUD at the Portland Cement Association (PCA) has
consisted of analytical and experimental studies of the behavior of
structures subjected to abnormal loads (10). By considering various
load-carrying elements ineffective to support load, remaining structures
were tested. Conclusions from this research are that to retain general
structural integrity, all connections between elements in a precast concrete
panel building need tensile continuity and ductility.
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Continuity is essential to develop bridging capabilities needed to
transmit and redistribute loads around an ineffective or collapsed member.
Ductility is necessary not only to sustain deformations that may be
associated with conditions in the damaged state, but also to establish
some measure of energy absorption under dynamic effects of either normal or
abnormal loads.

Assuming that local damage occurs, ties should be provided to develop
alternate structural actions to bridge the damaged area. The following
ties, with applicable rationale developed by PCA, are required to prevent
progressive collapse:

a) Transverse: Permit cantilever action and beam action in
wall panels and assist floor diaphragm action;

b) Vertical: Provide a tie-down for wall panels to prevent
overturning, suspend wall structure from cantilevered
portion above, and ensure adequate shear capacity in
horizontal connections;

c) Longitudinal: Permit a suspension system (partial catenary
or membrane) in floor elements; and

d) Peripheral: Ensure floor diaphragm action and provide beam
action at exterior walls.

But what really occurs when a concrete panelized building is subjected
to seismic forces or abnormal loadings? A great deal of investigation needs
to be conducted in this area. One effort along these lines is research now
being supported by HUD at Drexel University: "The Nature and Mechanism of
Progressive Collapse in Industrialized BUildings Utilizing Established Small
Scale Direct Model Techniques." Three-dimensional small scale physical
models of precast concrete bearing wall buildings will be tested and studied
analytically. Attention will be focused on various types of connections and
their contributions to the mechanism to prevent progressive collapse. Both
elastic and inelastic models will be used. Assemblies will be tested to
duplicate prototype behavior of tests conducted at PCA. Small scale models
of components and joints will be tested in order to verify their validity
and also to verify the tests conducted at PCA. Hopefully, more modeling of
entire structures with the addition of testing to evaluate their response
to dynamic seismic forces will be initiated.

Changes also need to be made in the structural analysis and design
courses in many of our universities. Most undergraduate schools do not
instruct students to design for earthquakes. Since the probability of major
seismic activity is considered low or nonexistent by most bUilding officials,
the academic community apparently does not consider the subject to be of
sufficient importance.



Another problem which arises in structural design is that students are
instructed to design elements of a building without viewing the completed
structure as a unit. In monolithic concrete structures and those of steel
with continuity provided at all connections, general structural integrity
is usually provided. Precast concrete buildings, on the other hand, need
to have special design considerations for ductility and continuity. This
applies not only to bUildings in seismic zones and high wind areas but also
to those in other areas of the country as well. Providing for resistance
to earthquake forces will automatically increase the resistance of buildings
to a progressive collapse type of failure.

DESIGN RECOMMENDATIONS

In traditional structural design, the designer is able to focus on
known load conditions. Building codes provide exact advice on dead, live,
wind and seismic loads. The designer generally accepts these loads and
designs his structure to resist them in as efficient a means as possible.
With the advent of the design concept to account for abnormal loadings to
avoid progressive collapse, the designer is required to consider unknown or
unforeseen forces (5).

With respect to progressive collapse, a successful design is one
resulting in a structure that both limits the extent of failure and bridges
over the failed area if an abnormal loading occurs. The capacity to limit
the failed area is generally proportional to the structure's continuity and
ductility or "general structural integrity." The challenge is then to
provide a reasonable amount of continuity and ductility in all structures
as economically as possible.

This continuity and ductility is also the necessary ingredient for
aseismic design of buildings. The degree of ductility and continuity built
into many forms of construction usually depends on the design requirements
for wind and seismic forces. Improving the general structural integrity of
buildings by providing adequate ties and connections should improve the
resistance to seismic forces by increasing the floor diaphragm action, wall
cantilever action and joint continuity.

However, some structures might satisfy quasi-static seismic code design
forces for Zone 3, but might not prevent progressive collapse. This could
be true for buildings under construction, buildings subjected to abnormal
vertical loads, or under reinforced structures with low overturning moments.
Designing according to the code (static design) might also be insufficient
to resist even moderate earthquakes. The structure may have adequate lateral
shear capacity and yet very little ductility needed to resist dynamic cyclic
loading.

Graham Powell in his paper (9), states "----, the designer of an
earthquake-resistant structure must pay much greater attention to the
distribution of forces and deformations in the structure than the designer
of a structure in a non-seismic area, and therefore has a much greater need
for sophisticated analyses." I agree with the need for more sophisticated
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analysis techniques for seismic design, but the designer of buildings in
non-seismic areas should not be too complacent and ignore provisions
for continuity and ductility. This has been the problem in the past and
demonstrates the need for a re-education of many structural engineers.

The most important means to minimize the risk of progressive collapse
in panel bearing wall structures is to provide adequate horizontal, vertical
and peripheral ties between all structural elements. At a research workshop
held in Austin, Texas in November 1975, emphasis on ductility and continuity
similar to that used for seismic and wind design was considered a very
important method to avoid progressive collapse (7). The concensus was that
most structures designed and detailed to resist seismic loads in Seismic
Zones 2 and 3 (6) in the U.S. would have a low susceptibility to progressive
collapse.

In structures designed to resist substantial lateral forces, designers
are familiar with the concept of developing diaphragm action in floor and
wall elements. These diaphragms provide horizontal and vertical flow paths
for the lateral forces. However, in some areas of the country, designers
do not need to consider diaphragm action for just gravity loads. Therefore,
little attention is paid to the need for tying all elements together.
Precast panel buildings and masonry bearing wall buildings with generally
inadequate connections are common in areas of low seismicity and low wind
forces and are susceptible to progressive collapse (7).

Proper floor diaphragm action is required in designs for resistance to
both seismic forces and abnormal loads. The diaphragm action necessary to
distribute lateral loads to vertical bracing elements is discussed in
Irwin Speyer's paper on "Considerations for the Design of Precast Concrete
Bearing Wall Buildings to Withstand Abnormal Loads," PCI Journal,
March-April 1976 (11). He notes: "Special consideration should be given
to the interconnection of precast floor elements in Seismic Zones 2 and 3."
Design recommendations are made with regard to minimum ties required to
prevent progressive collapse (develop general structural integrity).
Reference is also made to the PCI Design Handbook for Precast and
Prestressed Concrete which has a design methodology for diaphragm action to
resist lateral loads.

The potential degradation of connection areas during a severe earth
quake may bring the overall stability of the system into question, according
to the MIT analytical studies (1). This concern is identical to that
expressed over progressive collapse due to abnormal loading. The assurance
of general structural integrity is paramount in providing an aseismic design.
The development of such integrity requires continuous reinforced ties
throughout the structure. These tie requirements are not intended to
supplement traditional strength requirements, rather they are intended to
hold the structure together in order to provide stability in a damaged state.



In any major earthquake a panelized structure, as well as all other
structures, will undergo some damage. It is necessary to guarantee that
such a damaged structure retain its overall stability. Toe maintenance
of this stability in a damaged state is directly analogous to the
maintenance of stability after damage caused by an abnormal (non-seismic)
loading. The strength of the structure must not be so degraded, through
seismic reversals, that the structure is no lon~er capable of supporting
gravity loads. This potential for degradation may be a critical parameter
in the design of horizontal joints. In addition, the overall integrity of
the structure must be guaranteed by tying the components together. This
is the basis of alternate load path philosophy advocated for progressive
collapse and is equally valid for seismic design (1).

Recommended peripheral, vertical, transverse and longitudinal ties
with applicable rationale may be found in PCA Draft Report No. 4 (10)
and the PCI Journal article (11).

CODE PROVISIONS

Most engineers familiar with aseismic analysis and design procedures
realize the shortcomings of code requirements and also recognize the
difficulty with which design recommendations are incorporated into building
codes. A uniform policy for the design and construction of residential
buildings to resist earthquakes and abnormal loadings is needed.

Building codes generally have provisions for aseismic construction
(though somewhat difficult to enforce outside of the West Coast). However,
building code provisions do not exist for resistance to progressive collapse.
If we can adopt a policy to provide general structural integrity in all
buildings, perhaps we can solve the problem of resistance to abnormal loads
as well as seismic forces.

Improvements will also be needed in building code prov~s~ons for design
to resist earthquake forces. "What is the current ability to design
buildings to prevent collapse during earthquakes?" This was a question
discussed by Henry Degenkolb at a 1972 Conference on Seismic Risk Assessment
for Building Standards (2). "We can design to prevent collapse, but the
mere adoption of a code will not do it. It requires competent design and
suitable materials, backed up by adequate checking and thorough inspection."
He also put in perspective the main theme of this paper: "The most
important item in earthquake-resistant design is not even mentioned or
specified in the Code - the structures must be tied together to act as a
unit." Many construction materials and systems have this inherent ability
but others such as precast panelized structures do not.

There have been many examples from recent earthquakes such as Anchorage
and San Fernando that demonstrate that precast concrete buildings may comply
with building code standards for Zone 3 (as they are usually enforced), but
brittle connections with no ductility failed when they were overloaded. With
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ductility, buildings survived; without it they have collapsed. It
is not so much the magnitude of the lateral force but the·way the designer
frames his building to resist dynamic forces. In most parts of the country
where forces are known, only strength and force levels need be specified in
building codes and specifications. If a structure is strong enough, it is
sufficient. In earthquake country, however, we need not only strength but
ductility. The building must remain stable and act as a unit even when
design forces are exceeded. The structure's deformation capability is at
least as important as its strength (2).

Donovan has drawn similar conclusions as stated in his draft paper
for this workshop (3): "Those structures which suffered the most distress
in the San Fernando Earthquake were frequently found to satisfy code
requirements while having deficiencies in continuity, etc., which cannot
be remedied by code modifications alone, especially the simple expedient
of requiring higher forces. Higher force requirements will result in
stiffer structures. As many of the major problems in earthquakes are
produced by displacements, designs which produce stiffer structures may be
self-defeating, especially for relatively brittle structural materials
such as reinforced concrete."

Uzemeri et a1, present a code situation that should be alarming to
all designers of precast concrete structures in areas of high seismicity
(12). The National Building Code of Canada (NBC) requires that buildings
of more than three stories in height and located in Seismic Zones 2 and 3
have structural systems described in Table II, Cases 1 thru 6.

The NBC Commentary explains that "continuously reinforced concrete" as
used in the definition of Case 6, refers to reinforced concrete conforming
to CSA A23.3 - 1973. The Commentary also states that precast concrete
construction may be used in Case 6 if reinforcing is made continuous by
means of lapped or welded splices in accordance with CSA A23.3. Splices
also need to be encased in cast-in-p1ace concrete. The designer can
detail a building as he v/Qu1d for a non-seismic region and use a "K" factor
of 1.3. Because the NBC Commentary specifically permits precast concrete
structures under Case 6, numerous precast buildings have been erected in
high seismic risk regions in Canada. These buildings mayor may not contain
adequate provisions for continuity and ductility required to resist dynamic
oscillatory forces. The writers of the paper feel that because of the
difficulty in accurately predicting the actual magnitude of possible
earthquakes, concrete structures with only "nominal ductility" should not be
constructed in Zone 3 (12).

RESEARCH NEEDS

As should be apparent from this report and other papers presented at
this workshop, little is known about the inelastic behavior of precast
concrete bearing wall buildings subjected to severe earthquakes. We
intuitively know that by providing ductile connections and continuity in
reinforcement we can provide general structural integrity to avoid
progressive collapse and resist seismic effects.



However, little research data is available to verify our assumptions
or to give structural engineers the assurance needed to design precast
concrete bearing wall buildings with the necessary conservatism. Many
research and development needs, noted at the 1975 Research Workshop on
Progressive Collapse in Austin, Texas (7), pertain to this seismic-resistance
workshop. Specific values of tie forces for IDany types of construction need
to be developed. Also needed are improved detailing procedures to ensure
that ties function properly under extremely large deflections.

The paper by Becker and Llorente (1) and research at the Portland
Cement Association (10) also point out many deficient areas in the
state-of-knowledge.

Bruce Olsen (8) recommends further research in areas such as evaluation
of structural walls as independent elements and as parts of box elements,
evaluation of horizontal floor diaphragms, and investigation of precast
articulated structures. Englekirk (4) states that, "It should be fairly
obvious that very little reliable information is available to the engineer
who wishes to undertake the design of a prefabricated building in a
seismically active area." He recommends four areas of research:
1) Determine dynamic characteristics of prefab highrise buildings,
2) Evaluate overturning forces on prefab shear walls, 3) Thoroughly study
connection details typically used by prefab building industry, and
4) Determine dynamic characteristics and strength of diaphragms composed
of prefab components and thin topping slab.

Hopefully a greater concerted effort will be promoted by industry,
academia, and governmental agencies to study the performance and behavior
of precast concrete bearing wall buildings subject to earthquakes and
abnormal loads.
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1. INTRODUCTION

Precast concrete manufacturers are seeking a greater proportion of the construc
tion market throughout the United States, including seismic regions. This
marketing effort is being made by the Prestressed Concrete Institute (PCI) on
behalf of the industry as a whole, and by individual PCI members. It is impor
tant to recognize both the national and local effort when considering the pre
cast industry. PCI, manufacturers of proprietary systems, and individual
PC I-member companies have worked co-operatively to develop national standards
and practices for precast concrete design and production. At the same time,
individual precasters working out of one or more metropolitan regions retain a
great deal of autonomy and individuality in the units they manufacture, and pro
duction practices used. This brief discussion will focus on both national stan
dards and local production practices associated with precast concrete, and their
relationship to structural seismic performance.

Actual precast production practices may be limited by available materials, in
dustry standards, and project specifications, but the precaster retains sub
stantial flexibility in his operations. Each precaster establishes a particular
product line (e.g., double tees, hollow core slabs, flat panels), and selects
materials to reflect his marketing conditions and priorities. Two aspects of
precast production practices are particularly significant for structural seismic
performance. First, production materials, steel and concrete, are selected
not only on the basis of the structure's service performance, but also in view
of their economy, availability, and contribution to high-speed production. In
the following discussion production considerations associated with the seismic
performance of concrete and mild steel reinforcement are introduced. Second,
the characteristics and significance of design modifications during production
are identified and discussed.

2. CONCRETE

2.1 Existing Practice

The provisions of ACI 318-71, Building Code Requirements for Reinforced Concrete,
are the most widely used means to specify and control concrete mechanical pro
perties. The ACI-318 requirements apply to minimum compressive strength, but
do not consider concrete stress-strain characteristics, values for failure
strain, or mechanical behavior under cyclical loading. Reflecting this emphasis,
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few precasters seriously consider and incorporate the general mechanical pro
perties for their locally produced concrete. Furthermore, for simplicity in
production, most of the precast industry has effectively standardized on a
minimum 28-day design strength of 5,000 psi (34 Mpa), even though this may
exceed the strength actually required. In some seismically active areas, such
as Hawaii and the Northwestern United States, excellent aggregate facilitate
routinely obtaining 28-day strengths in excess of 6,000 to 8,000 psi (41 to
55 Mpa), and a higher level of strength is incorporated in design. Where high
compressive strength, over 7,000 psi (48.3 Mpa), concrete in intentionally in
corporated in the design, some engineers require that compressive stress-strain
characteristics be determined, but this requirement is infrequently encountered.

The relationship between specified design strengths and those actually achieved
varies widely. The level of strength readily attainable with available
materials is the most important factor, but others include economizing on ce
ment consumption (with consequent low strengths), mix proportioning primarily
for early (l-day) stripping strengths, and utilizing very high concrete strengths
to facilitate product handling. It has been the author's experience that 28-
day compressive strengths tend to be about 20% higher than the level actually
specified, primarily due to the latter two factors. However, the contrary case
has been encountered where economy-minded producers strictly adhered to the
minimum design strength, regardless of benefits arising from its modification.

To minimize distress arising through product stripping and handling the producer,
independently of the designer, will frequently increase minimum 28-day strengths
up to 3,000 psi (21 Mpa) over the level specified. This action is increasingly
common with the growing trend towards precasting of delicately shaped members,
higher stripping stresses for prestressed members, and the expanded availability
of super water-reducing admixtures.

Example 1.

A designer established a mlnlmum 28-day strength of 6,000 psi (41 Mpa),
approximately the level normally attainable, and would not allow the
precast units to be shipped until they had attained at least 5,500 psi
(38 Mpa). A particular unit, not yet produced, was critical for the
building sequence, so the producer modified the basic mix to provide
5,500 psi (38 Mpa) in 1 day, with a consequent 10,000 psi (68 Mpa)
strength at 28 days.

Example 2.

The design engineer for one structure specified a 5,000 psi (34 Mpa),
minimum 28-day strength for all prestressed/precast members. In
place, the precast members have a 3-inch (7.6 cm) structural concrete
topping, and 5,000 psi (34 Mpa) is an appropriate design strength.
However, because of the large quantity of prestressing within the
member, the producer established that a stripping (12 hours) strength
of 6,500 psi (45 Mpa) was required.



2.2 Concrete Mechanical Properties

All concrete mechanical properties are sensitive to the aggregate and mix pro
portions employed, but some tests show that stress-strain characteristics are
particularly aggregate dependent. [3] [4] [5] [7] [8] [9] Occasionally the
producer selects materials and mix proportions which satisfy strength require
ments but also exhibit marginal or poor mechanical properties. Specifically,
this frequently occurs with some lightweight aggregates and poor quality
normal-weight aggregates.

High strength, over 5,000 psi (34 Mpa), lightweight concrete (110 lb/ft3)
(760 kg/m3) is utilized to minimize the weight of long-span prestressed mem
bers, to reduce the collapsing and sloughing of extruded-concrete members, and
as a means of structural insulation.

Example 3.

One hollow-core precast panel system is most readily produced with a
finely graded lightweight aggregate material. Reduced concrete weight
prevents collapsing and sloughing of the core voids, and the aggregate
surface properties facilitate very high levels of strength development.

Mechanical properties of lightweight concrete are highly aggregate dependent.
High quality aggregates can readily provide high concrete compressive strengths
and contribute to other desired mechanical properties. These aggregates usually
have a coarsely textured, high strength ceramic shell which can develop an
extraordinary paste-aggregate bond, and produce high concrete compressive
strengths. Unfortunately, many lightweight aggregates have limiting properties
which contribute to a concrete which is susceptible to large creep and shrinkage
strains and abrupt compressive failures. If only poor or marginal aggregates
are available, compressive strength is maintained (at l-ast partially) by
utilizing normal-weight coarse aggregate as part of the mix. However, other
desirable mechanical properties may not be maintained in this manner.

In some local areas, or entire geographic regions, normal-weight aggregate
supplies are limited to materials with poor or marginal gradations, shapes, or
surface or mineralogic properties. Common examples of undesirable characteris
tics include excessive proportions of contaminant clays or crusher fines,
exceptionally smooth aggregate surfaces, and highly elongated shapes. Varying
coarse and fine aggregate proportions, cement content, and carefully blending
aggregate sources, the producer may attain the desired compressive strengths
and other mechanical properties. In some cases, even though the desired
strength is obtained, other mechanical properties remain at a reduced level.

Example 4.

A coarse aggregate elongated in shape, poorly graded, and with a smooth
surface, was capable of economically attaining quite high compressive
strengths when properly proportioned with a suitable fine aggregate and
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high cement contents. Unfortunately, the coarse aggregate properties
also contributed to a low elastic modulus and failure strain.

2.3 Conclusion

The precast industry is predicated upon the ability to develop very high-early
and long term strengths. Because actual concrete strengths frequently exceed
those specified by the design engineer it is desirable to identify the mechanical
properties of concrete actually utilized, and assess the significance of these
properties for current design practices.

It is also evident that some lightweight and normal-weight concretes are cap
able of achieving desired compressive strengths, while demonstrating less-than
desirable levels for other mechanical properties. Representative samples of
these concretes should be investigated, and a suitable response to their current
use be developed.

3. REINFORCEMENT

3.1 Existing Reinforcement Practices

Precasting represents one specialized segment of the larger reinforced concrete
market. McDermott [6J and Black [2J considered the steel reinforcing industry
as a whole, and it is appropriate to extend their discussion to precasting pra
tices. The following discussion identifies current reinforcement practices
within the precast industry with particular emphasis on the use of welded wire
fabric (WWF), mild steel bars, and welding.

A concerted effort is being made by the precast industry to effectively standar
dize sel~cted reinforcement designs and materials. Technical committees within
PCI have developed recommended connection designs and reinforcement patterns.
Members of PCI and the Welded Wire Fabric Institute (WWFI) have jointly develo
ped welded wire fabric (WWF) designs for use within the precast industry. The
American Society for Testing and Materials (ASTM) has established specifications
for chemical andmechanica1 characteristics of reinforcing bars, welded wire
fabric, and prestressing steels.

3.2 Welded Wire Fabric (WWF)

Both mild steel bars and WWF are widely used in precast construction. WWF is
used extensively as a shear and flexure reinforcement in panelized precast pro
ducts and in standardized products such as double and single tees. Almost all
WWF used in precasting is undeformed, except where it is specifically designed
as shear reinforcement. Design and specification of WWF patterns and applica
tions is effectively controlled through provisions of ACI-318, and mechanical
properties are covered in several ASTM specifications. It has been the author's
experience, based on mechanical properties reported in accordance with ASTM
requirements, that welded wire fabric is the most consistent and high quality
of the mild steel materials. However, although manufacturers "certified" that



ASTM elongation and area reduction requirements are met or exceeded, none
presented stress-strain curves for samples tested.

3.3 Bar Reinforcement

Bar reinforcement is extensively used, of course, and a general effort is made
to use smaller bar sizes, preferably smaller than No. 8's. Virtually all bar
stock is specified according to the long-standing ASTM standards A-61?, A-6l5,
or A-6l6 and, as McDermott [6J points out, use of ASTM A-706 is prohibitive
economically. Although the ASTM standards serve an essential role in control
ling steel chemical and mechanical properties, the characteristics of steel
available to the precaster,are heavily influenced by the level of United
States demand for steel, and the corporate marketing policy of specific bar
manufacturers.

During national steel shortages the author has observed, albeit qualitatively,
a general decline in steel quality as measured by carbon content, yield stress,
and ductility in handling. This development is exacerbated by the importation
of foreign steels. While many foreign steels maintain a consistently high
quality, others have proven to be highly erratic in chemical characteristics
and mechanical properties. Little can be done to compensate for variation in
steel properties as a function of market conditions, but the designer should be
aware that this variation exists.

Manufacturers of reinforcing steels are individually subject to pressures of
economy, raw material quality, corporate objectives, and market demands. Accor
dingly, steel products available from different manufacturers vary significantly
in quality and performance. Since most mechanical characteristics are restric
ted by ASTM specification limits, the greatest variation occurs in steel
chemical composition and overall stress-strain characteristics. (Note: Actual
stress~strain curves are not normally provided). Although implicitly obvious,
these variations are seldom recognized in purchasing or specification decisions
by the precaster or designer.

Because precast operations are by nature fixed in one geographic location, and
are consumers of a reasonably static mix of bar sizes and grades, an effort is
usually made to establish a regular purchasing arrangement with one or more
principal steel suppliers. Therefore, the characteristics of steel utilized
by the precaster are consistent. Unfortunately, at least one of these supp
liers may provide materials with marginal characteristics, with a consequently
deleterious effect on seismic capacity of precast units produced.

3.4 Structural Welding

Structural welding of reinforcing steels has limited application with cast-in
place (eIP) construction, but is widely used in precasting. Naturally, the
ultimate strength and ductility of the weld and associated reinforcement has
a determinant influence on the performance of the completed structure.
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pel has issued standard connection designs incorporating structural welding of
reinforcing steels, and AWS has issued selected specifications for the welding
process. pel and AWS guidelines emphasize proper weld placement, dimensioning,
and welding procedures. Actual weld placements and dimensions vary with the
welder and practice of the firm, but it has been the author's experience that
weld dimensions are in excess of those required. Weld ductility is inevitably
more variable and difficult to measure and control than simple dimensions.
Weld ductility is influenced by the steel chemical composition, and welding
procedures used.

Ductility of welded reinforcing steel connections is strongly influenced by
the chemical composition of the base steels, i.e. proportions of carbon, man
ganese, and other alloying elements. Mill test certificates provided by the
manufacturer list chemical and mechanical characteristics for each heat of
steel received. Using the reported chemical composition and AWS guidelines,
proper welding practices for that specific heat may be established. In general,
for in-plant control this procedure has worked so that non-welded bars and those
requiring special handling have been identified, and excessively brittle welds
avoided. However, it is rarely practical to sort and control the chemical
composition of miscellaneous reinforcing steels used in the field.

Some cases have been encountered where the reported chemical compositions did
not accurately reflect actual conditions, but this has not been a major prob
lem. Some designers and precasters erroneously use bar Grade as a measure of
weldability. Since Grade 60 steels typically have high carbon and alloying
metal contents, and Grade 40 steels a much lower level, welding is sometimes
arbitrarily limited to Grade 40 stock. This practice is seldom realistic in
light of actual conditions. Numerous instances have been encountered where
bars were designated Grade 40, but had excessive carbon and manganese contents,
and high yield stresses. Likewise, Grade 60 steels occasionally have low car
bon and manganese contents, and are quite satisfactorily weldable.

Good welding practice includes use of sound welding procedures and properly
selected and maintained equipment. It is likely that the single largest source
of confusion and improper welding practices within the precast industry is the
matter of preheating high-carbon reinforcing steels. If high carbon and man
ganese reinforcing steels are heated prior to welding, i.e., "preheated", and
maintained at this temperature throughout the welding process, the final weld
may retain a substantial amount of ductility. The minimum "preheat" tempera
ture required varies with steel chemical composition, and may be calculated on
the basis of AWS [1] guidelines. Proper preheating requires that the precaster
sort bars according to their preheating requirements and establish a regular
routine for heating the base metals to be joined. The extra effort associated
with proper preheating practices causes some less sophisticated precasters to
ignore the requirements entirely, and others to establish practices even more
rigorous than those required. Where preheating is required, many precasters
use gas torches to heat the entire weldment to temperatures substantially in
excess of those required, and thereby avoid reheating during the welding process.
This "over-response" to preheating requirements appears to be satisfactory. In
other instances, particularly in field welding practices, facilities may not
exist for preheating, and it will be omitted altogether.



The application of quality control programs to welding practices is a difficult
and complex issue. A large volume of variable-quality materials are used in
precastor and under the full range of environmental conditions. Accordingly,
even a cursory effort to assess and control material quality and application
requires a well-organized, full-time program. The control of the welding
process itself is substantially more difficult. Ideally, each weld would be
"inspected" as it is made, including evaluation of preheating conditions,
welding machine settings, welder speed and method, etc.. Inspection of com
pleted welds is frequently impractical if not impossible because of the lack
of usable test methods, and complex shapes and constructions involved. As a
result of these and other factors, principally the excellent service record of
welds used in precast construction, few precasters have an active welding qua
lity control program.

3.5 Conclusions

The widespread use of welded wire fabric (WWF) and structural welding of rein
forcing steels deserves careful evaluation in light of seismic considerations.
Since WWF applications and structural welding practices are specifically
developed for use in precast construction a careful review of the state-of
art in practice must precede any testing program.

4. STRUCTURAL MODIFICATIONS DURING PRODUCTION

4.1 Introduction

There are at least three basic types of structural modifications which occur
during production, including (1) the structural strengthening of specific pro
ducts, (2) changes in the original design to accommodate ease of fabrication
and/or correction of errors in the original design, and (3) the repair of
errors which are identified after fabrication of the product.

4.2 The Producer's Responsibility

The designer assumes responsibility for seismic capacity of the structure as a
whole, and the individual constitutive elements. However, virtually all de
signers provide the precaster with the caveat that

"The precaster shall be responsible for ensuring adequate concrete
strength and providing all additional reinforcement necessary to
resist stresses associated with product stripping and handling."

Accordingly, the precaster designs each unit in light of loadings associated
with final service conditions, and the production process. For most precast
products the reinforcement provided in the original design is adequate. How·
ever, panels which are unusually flexible, have large openings, or may tend
to buckle during stripping and handling, require extra reinforcement. Typi
cally this consists of small diameter (#4 to #6) mild steel bars around openings,
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and additional WWF and bars in flexural members. This additional reinforce
ment is significant in that very few designers reconsider their original
design in light of the member's modified stiffness and seismic ductility.

4.3 Production Motivated Modifications

As discussed earlier, to facilitate fabrication and design the precaster at
tempts to standardize materials and design details. If the original design
deviates from the precaster's practice, and particularly if the design will
be difficult or impossible to implement, the precaster may request a variance
or basic design change. Typically, variances or changes requested include
minor variations in panel shapes, change of panel thicknesses to standard
dimensions, and simplification of reinforcement and connection designs. The
issue of subsequent design changes is a delicate one for both the designer and
precaster. Design modifications, either correcting errors made in the original
design or responding to the exigencies of fabrication and construction, may
alter the structure's seismic performance. A comprehensive denial of design
changes during construction is unrealistic (although sometimes done), and a
complete re-analysis of the structure for small changes in the design of
individual elements is not cost effective. It is recommended, therefore, that
characteristic types of changes in the original design which are significant
be identified, and that only appropriate re-analysis of the structure be con
sidered.

4.4 Repair of Distressed Products

Good practice and most contract specifications require that prestressed and
precast products be designed to not distress (i.e., crack, spall or crush) as
they are removed from casting molds and handled. Proper design, however,
cannot be expected to compensate for all of the potentially damaging conditions
encountered from production through erection. Repairs are endemic to all con
struction. The principal concern is that they be completed economically and
without compromising cosmetic appearance or structural effectiveness. In
light of seismic considerations, two classes of structural repair are important.
Restorative repairs are carried on products distressed during stripping, hand
ling, or erection. Modification-repairs are made on products which through
improper design or fabrication have embedded connection plates or details
missing or misplaced.

The assessment and restorative repair of distressed products is both an art
and a science. A knowledge of engineering principles, repair methods and
materials, their performance and limitation, is important for sound evaluation
of the distressed product and determination of the best repair. Subsequently,
using more art than science, an experienced concrete finisher can quickly and
expertly repair even seriously distressed conditions, restoring both structural
capacity and cosmetic appearance. In principle, only the design engineer
should determine the significance of a distressed section but in most cases
an engineer's review of each crack or spall is not required, and a standard
repair may be made (if a questionable situation does arise the engineer should
be informed). Common repair methods include recasting with ordinary concrete,



utilizing proprietary cement mortar blends or grouts to reconstitute the
section, and the use of epoxies for recasting and injection repairs. As in
cast-in-place construction, additional studies of these repair methods and
their relative efficacy should be made.

Where embedded connection details are omitted or misplaced the existing con
dition may be approved on the basis of an engineering analysis, or structural
modification may be required. To design and install connection details in
hardened concrete to perform at the same level as those originally specified
requires well developed experience and skill. The most common forms of repair
include bolting or welding of substitute connection plates to expansive bolts
(e.g., "Read-Heads")embedded within the concrete. The use of expansion
bolts is the most widespread but in some cases threaded bolts or reinforcing
rods are fixed to the concrete with epoxies, grouts or proprietary cements.
Although these practices have performed with varying success to date an evalua
tion of existing practices and alternate solutions is recommended.

4.5 Conclusions

Designer-approved structural modification of the original design for precast
products regUlarly occurs as part of the production process. The extent of
modification varies from small structural changes to facilitate fabrication,
to major alterations carried out as restorative repairs.

The seismic significance of these modifications is often under-appreciated and/
or misunderstood. A survey should be made of structural modifications currently
being made, and their significance established.
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INTRODUCTION

The purposes of this report are: (1) to review and summarize the avail
able analytical and experimental studies concerned with the seismic resistance
of prestressed and precast concrete elements and their subassemblages; and
(2) to assess the significance of those studies and future research needs.
Separate reports are presented for prestressed concrete and precast concrete.

PRESTRESSED CONCRETE

Background

There have been numerous previous reviews of the state-of-knowledge on
the seismic response characteristics of prestressed concrete. Almost as much
effort has been devoted to reviewing the work of others as has been spent ad
vancing the state-of-knowledge. The state-of-knowledge a decade ago and the
contemporary questions of prime concern to designers are clearly outlined by
Lin [1][2] and Despeyroux [30]. The most frequently asked questions concerned:
(a) possible detrimental effects of the eccentricity of the tendon on reversed
loading capabilities; (b) the abruptness of the failure and the degree of
energy absorption for loading reversals; (c) the design of joints; (d) appropri
ate earthquake input loading criteria and drift constraints; and (e) appropriate
structural configurations for seismic zones. Lin's, Despeyroux's and Guyon's
[18] articles provide the best answers available at the time to each of those
questions. In 1968 the Cement and Concrete Association [32], published a bib
liography of articles on the design of earthquake resistant prestressed concrete
structures and experience with the effects of earthquakes on such structures,
and Newmark and Hall [27] discussed the design of reinforced and prestressed
concrete structures with particular emphasis on their dynamic response charac
teristics. In 1970 [66] and 1971 [23] Blakely and Park provided excellent,
comprehensive, historical reviews of the performance of prestressed structures
in earthquakes and of simulated seismic loading tests on prestressed concrete
elements. Four reviews since that time have simultaneously examined results for
structural steel, reinforced concrete and prestressed concrete and have dealt
with experimental studies [28], hysteresis studies [13, 24] and theoretical pre
dictions of the response of elements [14]. The paucity of information and

1871



1872

understanding on the behavior of prestressed concrete elements, as opposed to
structural steel and reinforced concrete elements, is readily apparent from
those reviews.

The response spectrum approach allows the designer two choices [27]. A
high resistance can be provided and the structure kept virtually elastic or a
high energy absorption can be provided and the structure permitted to deform
inelastically. To a large extent the K factor of the UBC Code also recognizes
those extremes. Highly prestressed structures fit more closely the first than
the second category. However, while providing a high resistance they develop
large deformations approaching those associated with the second category.
Current building code prOVisions have been built around the response character
istics of structural steel and reinforced concrete frames and the characteris
tics of highly prestressed frames do not mesh neatly with those concepts. The
difficulties have been succinctly noted by Rosenblueth [67] and more comprehen
sively explained by Nakano [19]. Consider the three diagrams shown in Fig. 1
that represent respectively a nonlinear elastic system (Fig. lA), an elasto
plastic system (Fig. lB) and steady state vibration curves for cracked pre
stressed beams obtained by Spencer [22], (Fig. lC). System A is a more realis
tic idealization of the response of Fig. lC than system B. System A will
develop, on the average, a peak deformation averaging. about y~, when the aver
age acceleration spectrum is hyperbolic for the range T to T!]J. The quantities
y, T and II are defined on Fig. 1 and are for an "equivalent" linear system
(a system that has the same natural period and damping coefficient as the small
oscillation values for the nonlinear system under consideration). In contrast,
for system B, peak y values will be near those of the equivalent linear system
provided T lies within the hyperbolic range of the acceleration spectrum. Thus,
although the virgin loading characteristics of the systems are the same, System
A will be subjected to maximum forces and deformations approximately !]J. greater
than those for system B. Further, if the around is soft and a prevailing
ground motion period exists in the T to Till range, structures of type A will
have an even less favorable response. In contrast, if the spectral accelera
tion decreases faster than liT for the same range they will have a more favor~

able response.

Where prestressed concrete members are used as primary lateral load resist
ing elements they are likely to be post-tensioned. General design concepts for
post-tensioned structures are now almost the complete reverse of those of two
decades ago. In contrast, conceptual changes have been considerably less marked
for pretensioned concrete so that now design philosophies for pre- and post
tensioned concrete differ markedly. In the early days of post-tensioning
flexural tensile stresses were minimized with the tendons being
draped to balance the dead load plus some fraction of the live load. The re
sulting prestress was relatively high, stresses seldom controlled, and there
was little additional deformed bar reinforcement. Now the post-tensioning
force is typically determined from allowable flexural tensile stress limitations
or even deflection criteria. Members are often on the point of cracking or are
cracked under gravity loads. Deformed bar reinforcement is used to control
cracking and provide the necessary ultimate strength. This combination of pre
stressing tendons and deformed bar reinforcement differs markedly from that used
in most experimental work to date and results in hysteretic response character
istics more like those of Fig. lB than those of Fig. lC.



Many of the difficulties associated with prestressed concrete in seismic
zones are conceptual. The difficulties lie not in analyses but in prestressing
practices and ingenuity in engineering is needed to overcome those difficulties
[16].

Experiments

Damping--Internal damping can be divided into (a) elastic damping of the
equivalent viscous type and (b) inelastic hysteretic damping. This section
concerns elastic damping. For small oscillations critical damping is greater
than that in structural steel and substantially less than in reinforced con
crete. Typical elastic damping ratios are 1% when the prestressing is high
enough that the section is uncracked, an~ 2% when there is cracking but no
additional deformed bar reinforcement. Thus, the cladding has a substantial
effect and typically increases damping by about 3% [ 13 ] for prestressed
structures.

In an early investigation of damping, Penzien [ 3] conducted both steady
state and free vibration tests on small scale prestressed concrete beams.
Variables were the concrete compressive strength, the grade of the prestressing
bars and the eccentricity of those bars. The steady state tests showed that
the level of prestress and the concrete strength affected damping only in so
far as they affected cracking. In the free vibration tests the degree of damp
ing depended largely on whether the previous loading history for the member or
the amplitude of the displacement had caused cracking. In a later study
Spencer [22 ]also conducted steady state vibration tests on small scale beams.
Variables were the level of prestress, post-tensioning or pretensioning, and
the application of end rotations producing either uniform moment or uniform
shear along the length of the member. All members were centrally prestressed
and contained no deformed bar reinforcement. Damping ratios were not frequency
dependent and steady state conditions were readily achieved. Values increased
with increasing end rotations and with increasing prestress and were higher for
shear than for moment loading. In contrast to Spencer's results, Brondum
Nielsen [29] recently conducted free vibration tests on centrally prestressed
beams of a size more likely in practice and observed that the damping decreased
as the prestress level increased or the stress amplitude decreased. In a series
of tests on 1/3 scale four story prestressed frames containing both prestressing
tendons and ordinary reinforcement, Nakano [19] observed about 1% damping prior
to cracking, about 3% at cracking and values approaching 7% shortly before in
elastic action developed. Further, because the dynamic forces varied over the
height of the structure the degree of damping also varied.

Since the amount of damping that occurs before cracking is small, the re
sponse of structures in the field will depend strongly on external damping
effects. The influence of non-structural members and interactions with the soil
and supporting members must be carefully evaluated [50]. Experiments are needed
that define the mechanism of damping after cracking. Spencer has hypothesized
that the higher damping ratios for shear as opposed to moment loading are be
cause interface shear transfer and bond slip effects determine the damping value
and those effects are higher for shear loading. If that hypothesis is correct
damping ratios should be less for lightweight concrete since interface shear
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transfer effects are smaller, less for strand than for w~res because bond sl~p

effects are less for strand and greater for shorter than longer span members
because shear and bond sl~p effects ~ncrease as the span decreases.

Character~st~cs of prestress~ng steels--Even though the response of ele
ments in which flexural effects govern is known to strongly reflect the stress
strain cyclic load character~stics for the prestressing tendons, little ex
perimental work has been done on defining those characteristics. Both
References [20] and [17] report l~mited tensile cycle only data. The result
reported in Reference [17] and its idealization for moment-curvature analyses
are shown in Fig. 2. That data show that, as typical for high tensile steels,
there is a limited amount of hysteresis with unloading and reloading, that the
amount increases with increasing maximum strains and that there is a slow re
duction in the stiffness with increasing maximum strains. Larger variations
in performance and behavior peculiar to the metallurgical, finishing and prior
load history for the steel is to be expected for loading reversals. Research
is needed to define the effects of those variables and of loading rate on the
stress-strain characteristics for the steel.

Behavior of beam elements critical in f1exure--Many researchers have in
vestigated experimentally the high intensity reversed cyclic loading behavior
of beam elements critical in flexure [11, 15, 20, 22, 36, 46]. Further infor
mation on the performance of such elements can also be gained from beam-column
subassemblage [23, 61] and frame tests [19]. Most of those elements have been
of extremely small size and outside the regime of practical proportions. Many
have contained unreasonable amounts of longitudinal reinforcement and prestress
levels, or there has been no stirrups, the tendons have not been eccentric or
draped or no additional bonded longitudinal deformed bars have been used to en
sure net pfy values similar to those necessarY for satisfactory performance of
reinforced concrete elements [27].

In the first study of flexural members, Mugurama [46] reported uni
directional loading tests on small scale, rectangular, eccentrically prestressed
beams. Tendons were both grouted and ungrouted. Variables were the loading,
monotonically increasing, repeated between a minimum and a constant extreme
compression fiber strain, and repeated between a minimum and a constant maximum
load that initially caused extreme compression fiber strains varying between
0.0013 and 0.003. Spencer's tests [22], described previously, were also on small
scale rectangular beams, but in his case the tendons were central and the loading
reversed. Paranagama and Edwards [20] conducted uni-directional loading tests
on eight small scale, rectangular, eccentrically pretensioned beams representing
under, balanced and over-reinforced designs. Inomato [11] compared the reversed
cyclic loading behavior of 12 half scale, rectangular, reinforced, partially pre
stressed and fully prestressed beams designed for either the same ultimate
strength or the same working load. All beams had a stub at midspan to simulate
a beam-column joint and for two specimens there was a mortar joint between the
beam and the stub. In 1973, Mugurama [15] reported two series of tests on small
scale rectangular lightweight concrete beams. In one series of uni-directiona1
loading tests both stirrups and deformed bar longitudinal reinforcement were
used in addition to the straight eccentric tendon. Variables were the loading
intensity with unloading-reloading at extreme compression fiber strains of
0.0018, 0.002, 0.0022 etc. and the number of load cycles, 1, 3, 5, 9 or 15. In
the second series of reversed cyclic loading tests on specimens with similar
cross-sections, variables were the presence or absence of stirrups and/or



deformed bar longitudinal steel and the eccentricity of the tendon. In 1977,
Kvitsaridze [36] summarized the results of monotonic and uni~directional re
peated loading tests on small scale rectangular pre tensioned beams for which
the variables were the level of prestress and the use of static or seismic
loading rates.

In 1971 Blakeley and Park [23] reported reversed cyclic loading tests on
four rectangular full scale exterior beam-column subassemblages. The columns
were pretensioned and the beams post-tensioned and grouted. Additional longi
tudinal deformed bar steel and ties were provided in the columns and beams with
the stirrup steel in two units conforming to ACI 318-71 requirements and being
considerably greater than that amount in another two units. A mortar joint
was provided between the beam and the column with only the tendons continuous
across that joint. Two specimens were proportioned to form plastic hinges in
the beam and two to form plastic hinges in the columns. In 1977 Thompson and
Park [61] reported reversed cyclic loading tests on 10 rectangular full scale,
fully prestressed, partially prestressed or reinforced concrete beam-interior
column subassemblages cast as a single unit. Tendons were axially post
tensioned and grouted and the column made considerably stronger than the beam
for all specimens. Additional variables were the shear resistance provided in
the beams and the joints. One prestressed unit was loaded to failure, repaired
and then retested.

Nakano [19] has reported the only test on a full frame. His structure was
a three dimensional one third scale model of a four story structure with pre
stressed columns and beams. Each floor was laterally loaded. Four different
joint details and four different slab details were used. A mortar joint with
only prestressing across it was provided between the beams and the columns.

From the results of the preceding experiments and the performance of pre
stressed concrete elements in real earthquakes [4, 8, 12, 31, 33, 50, 51, 68, 70]
the following conclusions can be drawn:

(1) Most prestressed concrete elements, when designed for loading rever
sals, perform well in earthquakes. The failures that have occurred have been
due mainly to failures of the supporting structures or connections. Many ele
ments have held together with little damage even though they have dropped to
the ground with considerable force. Major consideration must be given to the
strength of connections and supporting structures.

(2) Elements should be designed to withstand reversals of moment even when
such reversals are not indicated by analysis. This consideration is extremely
important for the corners of rigid frames [50][70] or the ends of members where
unintentional frame action [4] may occur. Generally, deformed bar reinforcement
and confinement by stirrups are necessary to provide adequate strength under
moment reversals [10][50].

(3) Unless the first damaging load exceeds about 80% of the collapse load
the capacity in the reverse direction is unaffected [11, 15]. Failure under high
intensity loading reversals will initiate once the extreme compression fiber
strain exceeds about 0.002 [46]. For cycling to greater strains there is a loss
in strength and stiffness due to spalling of the compressed concrete and penetra
tion of crushing into the core of the member [61]. That degradation can be
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slowed and the ductility and energy ahsorption increased by the addition of
either bonded compression reinforcement or confinement but preferably both.
Unless confinement is provided there is a marked degradation in the flexural
capacity for beams reversed cyclically loaded to in excess of 90% of their
flexural capacities [15]. Confinement should be by closed stirrups with a
spacing not exceeding d/4 [50, 61]. Bonded compression reinforcement takes up
some of the loss in compressive force caused by concrete spalling permitting a
small increase in the ductility at the maximum load and some slowing in the sub
sequent rate of strength degradation for increasing displacements. Care must
be taken to avoid bond failures of the compression steel or tendons acting in
compression. With stirrups and compression reinforcement there can be a gain
in ultimate strength as large as 16% since ultimate concrete compressive strains
develop well in excess of 0.003.

(4) Seismic loading rates can result in strength increases of four to
seven percent and ductility increases of 10 to 15% [36]. Since seismic loadings
can result in rates of straining in critical regions varying from as much as
2.5 in./in./sec. in rigid structures to as little as 0.025 in./in./sec. in tall,
slender structures, [28], it is generally appropriate for design computations to
be based on static loading strengths only [50].

(5) Prior to crushing of the concrete or marked inelasticity of the pre
stressing steel, loading-unloading curves are bi-linear with ranges correspond
ing to crack open and crack closed conditions. The loading and unloading curves
closely parallel one another [22, 24] as shown in Fig. lC. The width between
the curves decreases with cycling to a constant minimum value once cracking
stahilizes after two to three cycles to a new peak value. There is no sharp
change in stiffness with cracking and only a slow gradual decrease determined
mainly by the magnitude of the previous maximum loading [19, 2~. Crack reopen
ing moments do not change significantly with cycling or with increasing previous
maximum loadings [IS, 22]. For a central tendon the closed crack section stiff
ness degenerates with cycling to about half the uncracked section stiffness.
The ratio of the crack open to crack closed stiffness also falls until it stabi
lizes at about 0.4 for high prestress levels and 0.2 for low prestress levels
[22, 23]. In design, cross-sections may need to be modified to recognize such
effects [30][44]. The addition of moderate amounts of longitudinal deformed bar
reinforcement or confinement does not markedly alter these stiffness characteris
tics [15].

(6) Prestressed elements show marked elastic recoveries even after consid
erable inelastic deformations [61]. Contrasted in Fig. 3 are beam moment-end
deflection relationships for three beam-column specimens with similar theoreti
cal flexural strengths and with prestress levels of 1,160, 386 and 0 psi respec
tively. Because of elastic recovery effects, residual damage and permanent de
formations for a structure surviving a major earthquake are less for prestressed
than reinforced elements [19, 31, 44].

(7) The dynamic loading response for small vibrations is not the same as
that for large vibrations. Strain levels in the extreme compression fiber must
exceed about 0.0006 before large vibration response is obtained.

(8) Energy dissipation for prestressed concrete elements is less than for
reinforced concrete elements because of elastic recovery effects. In general,



the residual tensile force in the prestressing steel is adequate to close pre
viously open cracks. Thus, significant energy dissipation does not develop
until the deformed bar reinforcement yields, the prestressing steel yields, or
the concrete crushes [17, 18, 19, 23, 28].

(9) Prestressed members damaged by inelastic action can be readily re
paired and most of their resistance restored [61].

(10) Recognition of the two level earthquake loading concept (moderate and
severe earthquakes) is desirable [50]. Cracking and cyclic effects of the first
earthquake may significantly change the response of the frame for the second
earthquake.

(11) Mortar joints between members can perform well and remain essentially
rigid provided the tendon maintains compression across them [11, 19, 23].

(12) Plastic hinge lengths typically equal half the beam depth or half the
column depth regardless of the presence of a mortar joint within that length.
There is no significant change in the plastic hinge length with cycling or in
creasing inelastic rotations [23, 61].

(13) For sections similar in all respects except for the eccentricity of
the tendon, there are no marked changes in strength, stiffness, energy absorp
tion or energy dissipation characteristics with changing tendon eccentricities
[15].

There are valid economic reasons for exploring the use of prestressed
concrete framing as a primary lateral load resisting system in seismic zones
[50]. One approach might be to proportion tendon quantities from vertical
service load stresses and deflection criteria and to provide bonded reinforc
ing bar based on ultimate vertical load and earthquake load criteria. Such
procedures are likely to lead to greater reinforcing bar areas than in the
tests conducted to date and provide hysteresis loops less anemic than those
obtained to date. Experimental research should be conducted based on this
model and recommendations developed for limitations on the amounts and distri
butions of prestressed and non-prestressed reinforcement for seismic loading,
on confinement requirements for prestressed members, and on desirable minimum
values for the ratio of the ultimate moment to the cracking moment. After
such tests have been carried to completion typical units should be repaired
and retested so that the difficulties in making such repairs and their effec
tiVeness is determined.

Behavior of beam elements critical in shear and bond--There is little in
formation available on the behavior of elements critical in shear or bond and
subject to high intensity cyclic loadings [24, 27]. In Blakeley and Park's
tests [23] large inelastic deformations were obtained even when the shear rein
forcement only satisfied ACI 3l8-7l's requirements for prestressed concrete.
In Thompson and Park's tests [61] the shear stresses in the beams varied be
tween 1.52~ and 1.8~ so that either the concrete or the steel was capable
of carrying the entire shear. Again no adverse shear effects were observed.
In contrast, from the performance of prestressed structures in earthquake [4]
it is apparent that shear can be a problem when proper provision is not made
for moment reversals or frame action. There is general agreement that members
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must be proportioned so that their shear strengths exceed their flexural
strengths ISO, 70J. The tests by Kaar and Hanson [5] have provided some rele
vant information on uni-directiona1 repeated loading effects for members with
a crack in or near the transfer length. The bond transfer lengths and the
performance under cyclic loading were very sensitive to the surface condition
and method of release for the strand. For their 3/8 in. diameter 7 wire
strands lengths varied from 40 diameters for lightly rusted strands released
gently to 80 diameters for smooth strands released suddenly. Lightly rusted
strands could take 3x106 cycles of a loading severe enough to open a crack
more than 0.001 in. without requiring a distance from the support to the load
greater than the transfer length. In contrast, that length had to be 50%
more than the transfer length for only 1,000 cycles of a similar loading and
a smooth strand.

Systematic examinations should be made, using inelastic and reversed
loadings of: (a) the behavior of prestressed beam elements sUbject to high
shear stresses, (b) combined transfer and anchorage length requirements for
pretensioning strands, and (c) the effectiveness of grouting,and anchorage
requirements for post-tensioning tendons.

Grouting and anchorages--There is a wide divergence of op~n~on on whether
ducts should be grouted [51]. Kvitsaridze [36] found that the energy absorp
tion for grouted bars was 30 to 40% greater than that for bonded bars but only
10 to 20% greater than that for unbonded bars. The difference was mainly due
to varying plastic hinge lengths. Muguruma [46] found that while the response
of bonded beams was better in the first and perhaps the second and third cycles
to a new peak, any difference dissipated rapidly with further cycling as a re
sult of the grouted tendons loosing bond. Under cyclic loading the fatigue
life of a tendon assembly is likely to be cut by a factor of 10 or its endur
ance limit by a factor of 2 if tendons are unbonded as opposed to bonded.
With bonded tendons the fatigue characteristics of the tendon control while
with unbonded tendons those of the anchorage control [48, 71]. The fatigue
characteristics of the anchorage are sensitive to the number of tendons an
chored, the method of gripping the tendons, the hardness of the seating mate
rial and any local bending effects at the anchorage [71]. All these findings
are for uni-directional loading. Park's tests [23, 61] show that debonding
is aggravated by loading reversals on the tendon. One of the main reaSOns
for grouting tendons is to prevent corrosion [70]. However, if the earthquake
causes longitudinal cracking through the grout, capillary action could accel
erate corrosion. Because of the rapid loss in bond with cyclic loading and
the increased possibility of corrosion if cracking develops, why bother with
grouting?

Careful consideration must be given to the location of tendon anchorages
[50]. They should not be placed in regions of high bending or rotation since
their capacity can be adversely affected [70]. Consideration must also be
given to the flow of forces from the anchorage. For example, if they are
anchored at the outer face of an exterior column, does the flow of forces ad
versely affect the behavior of the joint? In Blakeley and Park's tests [23]
a short beam stub protruding beyond the column was used to anchor the tendons.
In Hawkins and Trongtham's slab-exterior column test [69] the tendons were
anchored at the exterior face of the column. They were ineffective for con
trolling torsional cracking at the junction of the discontinuous edge of the



slab and the column. There is some indication that the flow of forces from
the anchorages caused that cracking earlier than expected.

Beam-column.connections--ln Thompson and park's slab-interior column sub
assemblage tests {51] the ratio of the maximum horizontal shear expected to
act On the connection to the theoretical strength for the core predicted from
Committee 352's recommendations ranged from 0.71 to 1.13. Considerable de
gradation of the joint occurred for those joints in which the hoop steel
yielded during the first inelastic load cycle to 95% of the theoretical flex
ural strength of the beam. The strength of the joint then controlled the
strength of the subassemblage and a large portion of the subsequent inelastic
deformations occurred in the joint along diagonal tension cracks. The units
with tendons passing through the central protion of the joint performed better
than those without tendons. Thompson and Park recommended that the hoop steel
should be capable of carrying all the joint shear and that the contribution of
the concrete to the shear strength should be ignored. In Nakano's frame [19]
prestressing tendons from both the column and the beam passed through the
joint. The characteristics of the joints affected cracking in the surrounding
slabs and frame. Particular care is needed in the detailing of portal frame
corners where both beam and column tendons may be anchored at adjacent edges
[70]. As for reinforced concrete structures it is highly desirable that joints
should be ductile and stronger than the members joined for the maximum loads
and deformations expected as a result of seismic loadings.

Research is needed to define the contributions of concrete, tendon forces
and hoop steel to the strength and deformation characteristics of reversed
cyclically loaded prestressed concrete beam-column joints. In such tests par
ticular attention should be given to requirements for bonding of the tendons
through the joints and location of anchorages at the external faces of joints.

Slab-column connections--Results of moment transfer tests on six rein
forced concrete column-prestressed concrete slab connections have been reported
by Hawkins and Trongtham [59, 60]. One specimen simulated a lift slab-interior
column connection, another simulated a cast-in-place slab-exterior column
connection and four specimens simulated cast-in-place slab-interior column
connections. In the latter tests variables were the loading history and the
distribution of the tendons. In one specimen tendons in the direction of mo
ment transfer were bundled through the column, in a second they were bundled
in the transverse direction and in the other two specimens the tendons were
distributed in both directions. The proportions and loading for these full
scale specimens were chosen so that the stress and deformation conditions on
the connections and the reinforcement in the connection region closely simu
lated those likely in a prototype structure. Thus, to provide the ultimate
capacity required for the prototype and to better distribute cracking in the
column region, bonded deformed bar reinforcement was prOVided in accordance
with ACI 3l8's requirements. Details of the dimensions and reinforcement for
a specimen with tendons bundled in the transverse directions are shown in
Fig. 4a. Three of the connections were loaded to a shear equal to the design
dead load plus two live loads and then subjected to three reversed cycles of
moment transfer loading to between 30 and 55 percent of the ultimate moment
measured in a subsequent monotonic moment transfer test to failure. The other
connection was loaded to a shear equal to the design dead load and then sub
jected to three reversed cycles of moment transfer to 40 percent of the ulti-
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mate moment measured in a subsequent monotonic moment trans~er test. Lateral
load edge de~lection results for the first three spec~ens are shown in Fig.
4b and for the fourth specimen in Fig. 5. For the first three specimens it is
apparent that the best hysteretic performance was obtained when the amount of
prestressing tendons through the column region was a minimum. For all three
specimens the width of the hysteresis loops decreased rapidly with cycling
showing the dominating elastic recovery effects caused by the prestressing
tendons in spite of yielding of the bonded bars passing through the column.
In Fig. 5 the response for the fourth slab is compared with that for a similar
ly loaded reinforced concrete slab with integral beam stirrups. Again it is
apparent that in spite of the distributed tendons in the prestressed slab its
hysteretic behavior is not as good as that of the rein~orced slab. Elastic
recovery effects again dominate. However, the behavior at the ultimate capa
city indicates that its energy absorption for cyclic loading would probably be
as good as that for the reinforced slab. From these tests it was concluded
that the ultimate shear strength could be calculated from Eq. (11-12) of ACI
318-71 with f RC taken as the axial prestress in the direction of moment trans
fer and V Ib a taken as the sum of the vertical components of all prestressing
tendons c~os~ing the critical section divided by the area of the critical
section.

Flat plate construction is frequently used as part of the gravity load
carrying framework in seismic zones. Then slab-column connections must be
capable of transferring all required loads at the deformations likely in a
severe earthquake. If a designer has any doubts about the safety of those con
nections, he is likely to consider strengthening them by prestressing the slab
before he resorts to re-designing the lateral load resisting elements. Thus,
even more than for the prestressed frame there are valid economic and practical
reasons for exploring the likely behavior of prestressed slab-column connec
tions subjected to simulated seismic loading. That research should build on
the type of structural design concept utilized by Hawkins and Trongtham. From
the results of high intensity reversed cyclic loading tests recommendations
should be developed for limitations on the amount and distribution of pre
stressed and bonded reinforcement in the column area and for predicting the
stiffness of such connections for lateral loading. Particular attention should
be paid to slab-exterior column connections for which specific recommendations
should be made for location of tendon anchorages and for assessment of the
effective prestress forces acting on the critical section for shear.

Frames--As discussed in the section on beam elements critical in flexure
Nakano [19] has reported the only test on a full frame. The measured and pre
dicted values for the first mode of vibration and the natural period agreed
closely. Damping prior to cracking was negligible and only seven percent
after cracking. Torsional cracking of the edge beams transverse to the direc
tion of loading occurred earlier than expected and reduced the rigidity of the
floor system. There was no sharp change in stiffness with cracking and only
a slow continuous decrease in the post-cracking range. The natural period in
creased slowly with increasing post-cracking loads and shortly prior to the
formation of the first plastic hinge in the frame the period was only 30%
greater than the initial value. Nakano concluded that prestressed concrete
frames are likely to have seismic response characteristics very different to
those of reinforced concrete ~rames. Under a seismic loading that would stress
the latter inelastically, the prestressed frame will probably still respond
elastically. His structure did not go inelastic until deflections of the



order of twice the maximum deflection ordinarily permitted for steel frames
in Japan. Details of the frame in the direction of loading, together with
the lateral 1aod-def1ection diagram for each floor are shown in Fig. 6. In
the subsequent discussion Nakano used the lateral load-deflection test result
for a one story frame shown in Fig. 7 as evidence that adequate ductility and
energy absorption can be provided by appropriate design of prestressed frames.

Modeling of Load-Deformation Results

The two existing methods [17, 20] for theoretically predicting measured
load-deformation results have been succinctly reviewed by Park [14]. In their
1969 investigation Paranagama and Edwards [20] utilized a variable strain com
patabi1ity factor F to obtain agreement between the measured and predicted
results for their pretensioned beams. The factor F related the steel and con
crete strains at the level of the prestressing steel. Other assumptions were
a linear distribution of concrete strains over the depth of the member, and
known loading-unloading stress-strain relationships, respectively. The value
of F required to achieve agreement with the measured moment-curvature envelopes
was high initially and only tended to unity at ultimate load. Use of the same
F factors did not yield good agreement with the measured loading-unloading
curves. Agreement for that case required use of another set of F factors. In
retrospect it is apparent that the poor agreement between measured and pre
dicted results was due primarily to inadequate information on appropriate
stress-strain relationships for the concrete and steel. Blakeley and Park [17]
developed more accurate models of measured loading-unloading stress-strain
relationships for concrete and prestressing steel and utilized them, without
having to resort to any compatabi1ity factor, F, to predict the moment
curvature relationships they measured in their tests [23]. The good agree
ment they obtained is apparent from Fig. 8 which shows in Figs. 8(a) and 8(b)
theoretical and experimental curves for sub-assumb1ages with hinges in the
beam and column respectively. Because of that agreement they concluded that
neglect of bond slip effects was reasonable. However, they noted that to ob
tain reasonable agreement it was essential to include hysteresis effects in
the idealized stress-strain curves for the steel. Even then the measured
hysteresis loops in the elastic range were still slightly greater than the
theoretical. They attributed that effect to incomplete closure of existing
cracks. Based on their test results and their modeling work, Blakely and
Park proposed a three stage idealized moment-curvature model with stage
representing behavior before crushing, behavior after crushing in one direc
tion and behavior after crushing in both directions. Their modeling work pre
dicts that until the concrete crushes elastic recovery effects dominate so
that hysteresis loops have the shape shown in Fig. Ie. Significant energy
dissipation and therefore alteration in the shape of the hysteresis loops does
not develop until after the concrete crushes.

While reasonable models have been developed for elements critical in
flexure, prediction of the complete response of frames will undoubtedly need
models for elements on which high shear and bond forces act in addition to
flexure, models for elements with unbonded tendons and partially prestressed
sections, models for beam-column connections, models for slab-column connec
tions and models for torsionally distressed elements. The development of these
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models should be deferred until adequate experimental data are available.

Analytical Studies

Prestressed concrete has not won rapid acceptance as a lateral load re
sisting material in seismic zones because of legitimate fears about the stiff
ness and energy dissipation of structures built from it. Despeyroux [30]
has noted that flexibility is not a defect since the cross-section can be
modified to compensate for it. The defect is not knowing appropriate values
for the stiffness of a wide variety of sections nor the rate at which stiffness
degradation is likely for those sections. As discussed previously, Rosenblueth
[67] has noted that prestressed concrete structures may well have to be de
signed for load factors higher than those for structural steel and reinforced
concrete. The more detailed work of Blakeley and Park [55] supports that con
tention as does the Japanese approach of using a higher load factor for pre
stressed than for reinforced concrete [70].

The earliest theoretical study was that of Spencer [21] who used a step
by step integration technique to examine the non-linear dynamic responses of
two reinforced and six prestressed concrete versions of a twenty story frame
structure subjected to the first eight seconds of the N-S component of the El
Centro earthquake. The structure analyzed was that discussed by Clough and
Benuska [73]. For the prestressed concrete frames the end momnet-end rotation
hysteresis loops for lateral loading were idealized as shown in Fig. lC.
Cracking moments were taken as twice and six times the design moments for
girders and columns, respectively. For the reinforced concrete frames hystere
sis loops were idealized as shown in Fig. IB with a strain hardening stiffness
in the inelastic range. A special model beam was used for each frame member.
That beam could have moment-rotation loops like those in either Fig. IB or IC.
For prestressed concrete members ductility factors were expressed in terms of
the curvature at cracking. The flexural rigidities and the cracking moments
for the prestressed concrete members were taken as the same as the flexural
rigidities and initial yield moments for the reinforced concrete members. For
structures with the same mass proportional viscous damping the lateral dis
placements were up to 50 percent greater and the inters tory drifts up to 70
percent greater for the prestressed concrete frame. However, maximum ductility
demands for members were 40 percent less and for rotations 70 percent less for
the prestressed structure. Other variables examined for the prestressed struc
tures were: (1) the use of interfloor viscous damping rather than mass propor
tional viscous damping; (2) the simultaneous use of both types of damping;
(3) a doubling of the width of the hysteresis loops to allow for energy dissi
pation by walls, floors, partitions etc.; (4) a doubling of the post-cracking
stiffness of the prestressed members; and (5) a reduction in the column crack
ing moments to only twice the design moment. All changes except that of in
creasing the hysteretic damping resulted in little improvement in the behavior
of the prestressed frame. Spencer concluded that while prestressed concrete
structures could be designed to withstand large earthquakes without significant
structural damage, large amounts of non structural damage would be likely un
less cladding, partition and fixture requirements were adjusted appropriately.
Further allowance would have to be made for the large compressive forces
likely in the exterior columns.



In a second paper [52] Spencer analyzed the effect of assuming that the
non-structural elements of his twenty story prestressed frame had varying
stiffnesses and frequency-independent force deflection moments. The nOn
structural elements were assumed to exert equal and opposite horizontal forces
on adjacent floors and their hysteresis effects defined by Ramberg-Osgood
functions that ~ither provided significant energy dissipation or little energy
dissipation. Two specific yield stresses (high and low) were used with those
functions but no specific provision made for the sudden loss in stiffness and
strength that would occur with brittle non-structural damping. Spencer con
cluded there could be severe consequences if the stiffness of the non-structural
elements were reduced by failures part way through the dynamic response. Oth
erwise non-structural elements were very effective in reducing inter-story
drifts. The more effective elements were those which were relatively stiff
and non-yielding. They reduced inters tory drifts to one half to one third
those of the same frame without non-structural elements. The effectiveness of
the non-structural elements decreased as their stiffness and yield strength
decreased so that more energy was dissipated by hysteretic effects. The in
clusion of non-structural elements or variation in the properties of those
elements had little effect on column shears. Omitting elements for every
third floor over the height of the structure resulted in almost complete loss
of drift control by those elements. However, omission of those elements in
the central four floors of the structure had no serious consequences.

In a 1972 paper, Parme [44] outlined the concepts underlying American
practice in seismic design and indicated how those concepts were applicable to
prestressed concrete construction. He pointed out that for the same np value
(modular ratio times reinforcement ratio) the ratio of the rotation induced in
a cracked section to that induced in an uncracked section is much higher for
stressed concrete than for reinforced concrete. The marked decrease in stiff
ness with increasing moments above that for cracking means that for prestressed
concrete rotational ductility demands are best related to conditions at crack
ing. For a reinforced concrete structure if an overall translational ductility
of about four is required for the frame then a rotational ductility of about
16 is needed for the girder. In contrast, in a prestressed concrete frame
ductility demands are nearly all likely to occur within the elastic cracked
range of the section. Translational demands are typically halved and rota
tional demands lowered accordingly. For prestressed concrete, if the building
is made stiff enough for earthquakes, it is difficult to also make it flexible
enough to accommodate dimensional changes due to temperature, creep and shrink
age. In their 1974 paper Paz and Cassaro [69] indicated how restrained dimen
sional changes may be taken into account analytically in prestressed concrete
seismic response predictions.

In the 1970 AIJ report [70] the problem of the compatability of pre
stressed concrete framing with finishes and lateral load resisting elements of
other materials is highlighted. The longer natural period and lower damping
characteristics of prestressed concrete may make the use of a prestressed
concrete frame and reinforced concrete shear walls, or prestressed shear walls
and a reinforced concrete frame, incompatible. Fractures develop at the junc
tion between the two materials due to their different vibration characteris
tics.

1883



1884

In one of the more illuminating investigations to date, Blakeley and Park
[55] compared the predicted dynamic responses of a single degree-of-freedom
portal frame structure when that structure was built from: (a) an elastic
material, (b) prestressed concrete; (c) an elasto-plastic material and
(d) a degrading stiffness material conforming to Clough's model. The structures
were subjected to the N-S component of the El-Centro earthquake and were
designed for a lateral force of 1.4 times the seismic load specified in the
New Zealand Code. The prestressed concrete model was assumed to have the three
stage idealized moment-curvature relationship discussed in the Section on
modeling. Variations were made in the percent damping and the period of vibta
tion for the building. Shown in Fig. 9a are displacement response curves and
in Fig. 9b load-displacement curves for the structure with 2% damping and a
0.9 second period. As typified by these results the prestressed concrete sys
tem usually had a greater effective period of vibration and was subjected to
greater amplitudes of vibration than the other two displacement systems. The
curves in Fig. 9b clearly show the number of excursions into the inelastic
range for each system. The prestressed concrete structure is obviously less
heavily shaken than the other two non-linear systems. Shown in Fig. 9c are
the maximum displacement ductility factors required for each system for 2%
and 10% damping. Ductility factors for prestressed concrete are defined with
respect to conditions at first cracking whereas those for the other two non
linear systems are defined with respect to conditions at first yield. The de
crease in the displacement ductility demand with increasing period is an im
portant effect. It favors the more flexible construction usually found with
prestressed concrete. Also studied were the hysteretic energy dissipation of
the prestressed concrete system and section curvature requirements for pre
stressed concrete. The hysteretic energy dissipation of the prestressed con
crete system was still significant, relative to the degrading stiffness system
in spite of the small area of the hysteresis loops, because of the average
amplitude of the vibration cycles was greater for the prestressed case. Sec
tion curvature requirements could be readily satisfied when the steel areas and
axial load levels were kept small. It is concluded that under seismic loadings
prestressed concrete frames will generally have maximum displacements about 1.4
times those of reinforced concrete frames with the same strength, initial
stiffness and percentage damping. While such prestressed structures can be
made adequately ductile by keeping steel areas and axial load levels low, it
may be wise to increase the design earthquake loads for prestressed concrete
by about 20% in order to reduce damage to non-structural components. Alterna
tively the load factors could be left the same and drift requirements made
more stringent than for reinforced concrete frames. That approach is, however,
less reasonable since the advantages of the prestressed concrete structure
are then largely lost.

Future analytical studies should concentrate on determining the likely
response of a wide range of prestressed and partially prestressed concrete
structures subjected to a variety of earthquake motions in order to better de
fine likely ductility demands and possible problem areas in satisfying section
curvature requirements. A thorough investigation is needed of the appropri
ateness of making the responses of prestressed concrete frames more compatable
with those of structural steel and reinforced concrete by increasing the load
factor of prestressed concrete for earthquake loading or tightening its drift
limitations.



PRECAST CONCRETE

Background

Precast concrete framing is not widely used as a primary lateral load
resisting system in seismic zones within the United States [54] although prior
to the publication of the 1976 Uniform Building Code it was sometimes used un
der the K equal to unity provisions [74] for non-ductile frames of buildings
less than 160 ft. in height. Precast panel construction, particularly of the
tilt-up type is frequently used for low rise structures but not for multi
story structures. In contrast such construction is widely used in earth
quake regions in Japan [64, 70], Cuba, and Eastern Europe [34, 41, 51]. Even
where advantage might be taken of precast wall panels as stiffening elements,
U.S. building code provisions usually work against the designer [47]. Part
of the problem in precast panel construction in the U.S.A. is one of economics.
In order to minimize job site operations and meet consumer demands the optimum
size for U.S. units is typically larger than in other countries. With fewer
connections assurance of the integrity of every connection for seismic loading
becomes more critical. The lack of knowledge on the likely seismic behavior
of typical large panel connections has made designers reluctant to use such
construction in U.S. seismic zones.

Many of the problems associated with precast panel construction have been
pointed out in References [6] and [70]. While it is preferable that the
gravity loads of floor units counteract lateral loading uplift forces such con
struction creates camber problems between adjacent slabs spanning in different
directions. Expansion joints are also a problem and must be arranged so that
hammering is prevented. Probably the main problem is the interconnecting of
precast floor units to achieve diaphragm action. Mechanical ties between
elements in grouted keyways are usually necessary unless a properly reinforced
cast-in-place topping is used. Where the floor slab area is large and the out
of-plane rigidity of the surrounding frame is inadequate, the floor system
tends to deform as indicated by the broken line in Fig. 10 and peripheral
ties are necessary to minimize that action. For vertical elements continuous
ties are necessary from floor to roof. Their size must be not less than some
minimum (generally 3,000 lb/in-ft of wall in the U.S.A.), there must be at
least 2 ties per panel and their size must always be adequate to resist any
uplift. Post-tensioning is often also used to resist uplift. Joints between
vertical elements generally require grouting, mechanical ties and or keys.

The weak point in precast construction is the joints. While it is desir
able that connections be ductile and stronger than the units joined, such
conditions are extremely difficult to satisfy [35]. Unless cast-in-situ
connections, grouting or post-tensioning are used, connecting elements must
themselves be anchored in the precast panels and then those anchors frequently
become the weak element [45]. The possibility of horizontal distortions due
to torsional actions must be considered. Good practice calls for at least two
lines of resistance on any plane and constraint against motion in any direc
tion. At the same time connections must be flexible enough to accomodate di
mensional changes due to temperature, creep and shrinkage and rotational
effects due to drift. The simpler the design concept for the connection the
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simpler the connection and the greater possibility that the actual performance
will mirror the predicted performance.

Joints

Precast connections can generally be divided into two broad groups, "load
supporting connections" and "lateral connections." The former transfer the
gravity loads of a unit while the latter restrain in-plane rotations of the
unit. While many types of connections have been developed [56][75] including
those utilizing embedded structural steel shapes, steel shapes anchored by
studs, welded reinforcing bars or bolts, and connections made by post-tension
ing or by grouting reinforcing bars, little simulated seismic testing has been
conducted on such connections.

In 1976 Spencer and Neille [9] reported tests on six welded headed stud
connections. Details of their specimens are shown in Fig. lla. Reversed
cyclic shear forces were applied in the longitudinal direction of the angle
iron, as shown in Fig. lla, at a distance 7/8 in. from the face of the angle.
The loading set-up allowed both pullout of the studs and rotation of the
connection about a horizontal axis. Connection Al was loaded monotonically to
failure while the other five connections were cyclically loaded at frequencies
in the range of 0.01 to 0.02Hz. Shown in Fig. lIb by solid lines are the hys
teresis loops for the typical cyclically loaded specimen A3. The broken line,
appropriately labelled, is the response for the monotonically loaded specimen
AI' The response for Al can be realistically idealized as elasto-plastic.
Failure occurred by splitting along a plane outside the stud heads at a dis
placement of 0.5 in. For the cyclically load specimens hysteretic damping and
strength degeneration with cycling was effectively negligible until the applied
load exceeded about 80 to 85% of the static strength. Then the width of the
hysteresis loops increased rapidly, taking on a characteristic S-shape. With
further increases in displacement the stiffness decreased and with cycling be
tween constant peak deflections the capacity and the stiffness decreased from
what is termed the yield envelope in Fig. lIb to the stability limit. The
latter was the minimum capacity for a large number of cycles. Failure finally
occurred at about one third of the displacement and one third of the capacity
of the monotnically loaded specimen. Actual values for failure of individual
cyclically loaded specimens varied Widely dependent on their loaded histories.
One of the cyclically loaded specimens failed by splitting of the concrete out
side the stud heads in the same manner as specimen AI. Although that cracking
occurred in all specimens, three of the other four specimens failed by shearing
at the fusion welds while the fourth failed where a panel reinforcing bar was
tack welded to the stud shank.

The reversed cyclic load response for load and displacement levels consid
erably less than those for the maximum capacity has been studied by Yamada [78]
and Uchida [79] with similar findings. Results for Uchida's tests on 3/4 in.
diameter studs embedded in 3,000 psi lightweight concrete are shown in Fig. llc.
Ten cycles were applied to three specimens, A, Band C at load levels equal to
about 50, 75 and 25%, respectively, of the monotonic loading capacity. For
clarity, only the loops of the first and tenth cycle are shown on Fig. lIe.
For all levels of loading the hysteresis loops were spindle shaped for the first



half cycle only and thereafter became progress~vely more S-shaped w~th cycling.
Although slips increased with cycl~ng, the loops for all three load levels be
came stable and converged on a certain lim~t~ng position. Thus, the stiffness
decreased with cycling. The average decrease in stiffness between the f~rst

and tenth cycle was 30% for load levels A and C and 50% for load level B.

Additional insight into the response of Spencer and Ne~llels specimens is
provided by recent testing at the University of Washington [76]. Specimens of
the type shown in Fig. 12 have been loaded to failure monotonically and reversed
cyclically. It hasbeen found that provided the M/Vd ratio at the face of the
concrete is less than 0.5, failure under monotonic loading was by shearing of
the studs. The quantity d is the distance in the plane of loading between
the outer layers of studs, M the moment at the face of the connection and V,
the shear on the connection. Where M/Vd was greater than 0.5, cracking devel
oped, as shown in Fig. 12, beyond the head of the studs and within the body of
the concrete. Failure due to pull-out of the top studs followed quickly. That
failure was due to a prying action since the embedment depth for the stud was
greater than that necessary to develop their tensile strength. While the pro
vision of additional cross-ties, as indicated by broken lines in Fig. 12, did
increase the strength for M/Vd ratios greater than 0.5, the stud embedment
depth had to be made almost double that for development of the tensile capacity
before the studs rather than the concrete failed. For reversed cyclic loading
between constant peak loads and for studs with embedment depths double that
required from tensile considerations, failure occurred suddenly at the fusion
welds after about five cycles to 80 percent of the monotonic capacity. The
hysteresis loops prior to failure developed the same characteristic S-shape as
that reported by Spencer and Neille. A similar behavior has been observed at
the University of Washington in reversed cyclic loadings of metal deck compo
site steel and concrete push-off specimens [77]. Undoubtedly the development
of concrete cracking is a major factor affecting the mode of failure of any
type of embedded stud or anchor. The maximum strength and the degeneration in
that strength with increasing displacements depends primarily on concrete crack
growth rates. Increasing the reinforcement in the cracking zone will restrain
that growth but not alter the basic stiffness and strength degeneration charac
teristics. A significant number of headed stud and bolt anchors have imperfec
tions and fail in a brittle manner at the fusion weld or in the bolt thread
after only a limited number of reversed cyclic loadings to about half the stud
or anchors capacity. A cornmon failure rate is 10% of the test specimens in a
batch. Thus a redundancy rule must be applied to the design of such connec
tions. Fifty percent of them should be capable of carrying the maximum credible
load on the unit.

A second means of transferring shear and low level axial or bending
stresses between units is by interface shear transfer effects. If the plane
under consideration is an existing crack or an interface, failure in this mode
involves slippage along the crack or interface. If the plane is located in
monolithic concrete a number of diagonal cracks develop across the interface
and failure involves a truss action along the plane. If there are high inten
sity reversals of shear at loads only slightly less than those for failure, a
pattern of crossing diagonal cracks occurs., For either monolithic or pre
cracked concrete satisfactory shear transfer behavior requires some clamping
action across the shearing plane. One means of providing that clamping force
is by transverse steel. As movement develops along the plane and cracking
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develops, the two side of the crack along the plane ride up on each other.
That action tries to open the crack and stresses the transverse steel. The
shear for failure is proportional to the cla~ping force across the crack. With
defor~ed bar reinforce~ent and no direct stresses across the crack, the clamping
force equals pf (transverse reinforce~ent ratio ~ultiplied by its yield
strength). y

While many researchers have contributed to the current understanding of
interface shear transfer behavior [43, 81] only the co~prehensive investiga
tions of Mattock and his co-workers are discussed here since their work repre
sents the ~in body of existing knowledge for shear transfer with bonded rein
forcement crossing the shear plane [81, 82, 83, 53, 57, 58]. For monotonic
loading to failure and a pre-existing crack less than 0.025 in. wide along the
shear plane, the shear transfer strengths, v , are conservatively predicted by
expression [400 + 0.8(pfy + 0Nx)] psi but no~ greater than 0.3f~ for sand and
gravel concrete, by [250 + 0.8(pfy + 0NX)] psi but not greater than 0.2f~ or
1,000 psi for sanded lightweight concrete weighing not less than 105 lb/cu.ft.,
and by [200 + 0.8(pfy + 0Nx)] psi but not greater than 0.2f~ or 800 psi for all
lightweight concrete weighing not less than 92 lb/cu.ft. The quantity 0Nx is
the normal stress acting across the shear plane and is positive when compres
sion and negative when tension. Where the pf value is less than 200 psi,
crack widths readily develop in excess of 0.025 in. and the capacities quoted
above should be reduced linearly to zero for lesser pfy values. The use of fy
values greater than 60,000 psi is also not recommended. Where moment equal to
or less than the flexural ultimate strength of the section has acted simultane
ously across the crack the shear that can be transferred has not been below
that discussed above. However, in order for the shear transfer reinforce~ent

to be fully effective at least two thirds of it should be located in the flexu
ral tension zone. Where lightweight concrete has been used the type of light
weight aggregate, coated or crushed, has not significantly affected results.
Tests on specimens with the reinforcement crossing the shear plane at an angle
have shown that when the component of the shear force parallel to the rein
forcement tends to produce tension in that reinforcement then the shear capacity
can be taken as the sum of pf cos y plus sin y times the strengths quoted pre
viously where y is the angle between the inclined bars and the direction of the
shearing action and has values between zero and ninety degrees. Changes in
strength, size and spacing of reinforcement affect the shear strength only inso
far as they affect the reinforcement parameter pfy • When the interface lies be
tween precast and cast-in-place concrete the strength is very sensitive to the
roughness of the interface. Ninety to ninety-five percent of the ultimate shear
strength of a cracked non-composite member can be attained provided the inter
face is deliberately roughened to a depth of at least one quarter of an inch
and all laitance removed. In that case the use of a bond breaker does not
affect the capacity although the maximum load is reached at a slightly greater
slip than the same specimen made non-compositely. If the interface is smooth,
50 percent of the ultimate strength is lost and the shear capacity drops to
the shearing yield strength of the reinforcement crossing the interface.

Mattock and his co-worker's interface shear transfer reversed cyclic load
ing tests [53, 57, 58] have been ~de using the set-up shown in Fig. 13a to test
specimens of the type shown in Fig. l3b. Both the slip along the central shear
ing plane and the separation across that plane were measured continuously using
linear differential transducers attached to the center of the specimen. Varia-



variables considered to date have included: (a) the load history, monotonically
increasing, cyclically reversing, and monotonically increasing following cyclic
reversals; (b) the width of the initially induced crack, 0.010, 0.015 and 0.025
in.; (c) the pfy value for the reinforcement crossing the shear plane, 360 to
660 psi; (d) the type of aggregate, sand and gravel, and lightweight;
(e) composite specimens with the same or different strength concretes on oppo
site sides of the shear plane, 3,000 and 6,000 psi; and (f) the effect of bond
on the behavior of composite specimens.

The response of a typical shear transfer specimen MC-l is shown in Fig. 14.
Diagrams (a) through (d) show representative shear-slip hysteresis loops and
diagrams (e) through (h) show the corresponding slip-separation curves. Three
factors contribute to the shear resistance; (1) direct bearing of small asperi
ties interlocking along the crack, (2) friction between the adjacent crack
faces, and (3) dowel action of the reinforcement crossing the crack. In Refer
ence [53] the manner in which the known response characteristics for each of
those three factors can be combined to give the observed shape of the shear
slip curves is documented. Initially and in early loadings to an increased
maximum most of the shear resistance is provided by the first factor. However,
with cycling and increasing load those asperities are sheared off. The stiff
ness for low shears becomes very small and the resistance at high shears is
provided primarily by the second and third factors. The shear-slip curves be
come almost Z-shaped. As the maximum load in the cycle increased both the slip
and the separation at the maximum shear increased. However, until the last few
cycles before failure the separation at zero shear remained almost constant so
that the slip-separation curves took on a characteristic quarter moon shape.
In the last few cycles the separation at zero shear increased with cycling,
the shear stiffness began to decrease approaching the maximum load, and slips
and separations at maximum load increased significantly with each cycle.

As apparent from Fig. 15 for cyclic loading the slips were greater and
the separations less than at the same magnitude of shear in companion monotonic
loading tests. Further, there was a considerable decrease in the maximum
strength as a result of cycling. The decrease increased with increasing initial
crack width above 0.015 in. and was more for lightweight concrete than sand and
gravel concrete. The typical reduction in strength was 20% for 0.015 in. and
less crack widths. As the width of the initial crack increased the shear stiff
ness decreased and the slip increased for all levels of loading. The cyclic
load response of lightweight concrete specimens was considerably poorer than
that of sand and gravel concrete specimens. For all load levels the separation
at a given slip was less for lightweight concrete reflecting the greater smooth
ness of its cracked interface compared to that of sand and gravel concrete. As
a result the lightweight concrete specimens were never able to develop stable
shear-slip curves for cycling between constant peak loads. When previous
cycles of loading had not caused major damage so that the separation at zero
shear had not started to increase, the shear strength for a subsequent monotonic
loading to failure was unaltered. The composite interface shear transfer results
have highlighted the importance of bond along an interface even when there is
adequate surface roughness. When a bond breaker was used [57] dowelling and
bearing effects were lost so that the slip was greater and the shear stiffness
less at all load levels than for an interface without a bond breaker. Effective
ly the shear resistance dropped to pfy for a roughened surface and 0.6pfy for an
unroughened surface. However, without a bond breaker and with a surface rough-
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ened to a depth of at least ~ in., the capacity and shear-slip relationships
for cyclic loading are comparable to those for cracked non-composite specimens
[58]. The abruptness of the failure for both monotonic and cyclic loading de
creased as the concrete strength, the degree of bond and the surface roughness
decreased.

The available results indicate conclusively that interface shear transfer
is not a good absorber or dissipator of energy for cyclic loading even though
high shear stresses can be developed across an interface with appropriately
detailed reinforcement. This fundamental research provides considerable insight
into the mechanisms of shear transfer as well as providing information directly
applicable to joints in both precast and cast-in-situ concrete. Research is
needed on cyclic loading interface shear transfer effects due to interface
size and configurations, bar size, direct stresses normal and parallel to the
interface, reinforcement paralleling the interface and high strength reinforce
ment crossing the interface. Most of the tests conducted to date have used load
control devices so that the post-maximum cyclic response characteristics have
been unobtainable. Future tests should define those characteristics for the
variables examined to date as well as those listed above.

An excellent summary of information on many other types of joints is pro
vided by Reference [54]. The types of connections in use vary Widely. Most
are designed empirically and have not been studied experimentally or theoreti
cally. Their ultimate strength and likely seismic loading behavior are un
known. Further, where testing has been conducted the characteristics of sup
posedly identical specimens often vary widely so that the establishment of con
sistent as well as predictable behavior is a major problem. In view of current
U.S. practice research is particularly desirable on the characteristics of post
tensioned joints and joints utilizing embedded steel sections [75]. Some under
standing of likely behavior for the latter case can be obtained from Reference
[80]. Different types of precast joints in common use in Japan are detailed in
Reference [70] while those recommended for low rise precast wall panel apartment
buildings are detailed in Reference [65].

Experiments

Components--There have been few tests on prefabricated sub-assemblages.
In Reference [41] results are described of analytical studies and about one
third scale tests of a thin-walled spatial box unit system. The construction
consisted of bearing wall box-cap units with an attached structural concrete
floor panel and in fill suspended end wall panels. Units were connected by
monolithic vertical reinforced concrete joint tongues and supported at the
corners only by those joints. Coupling between box units was by welded or cast
in-place joints. The cyclic load tests showed that from early on the units
worked non elastically and that there was considerable redistribution of stress
es between units. To correctly assess the stiffness of the models account had
to be taken of the stiffness of the suspended wall panels. The main problems
were control of the skewness of the boxes and inadequate performance of the box
unit to wall connections.
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Reversed cyclic load tests on half and full scale lightweight concrete
wall panels (f~ = 600 psi) are described in Reference [62]. The single and
multiple panels were connected at their ends by transverse members. The re
sponse depended strongly on the fixation conditions for the top of the panels.
As the number of panels in the direction of loading increased and as the de
gree of fixation at the top of the panels increased, the unit shear stress for
failure increased and the mode of failure changed from flexure to shear. It
was found that while cast-in-place collar beams could be replaced by precast
beams and satisfactory performance still obtained provided joint details were
carefully thought out, panels contained within or connected to a steel frame
did not perform satisfactorily due to slip inducing local cracking at the ends
of the panels.

Multistory Structures--As part of a program to develop 15 story precast
concrete apartments for Japan, lateral load tests were made on a full scale
model representing a one bay by one bay area of the lower three floors of a
prototype structure [63]. The precast vertical elements in the direction of
the reversing loads were connected by cast-in-place concrete girders and floors
so that they formed portal frames. Wall panels were provided in the transverse
direction. Axial loads on the columns simulated the missing upper portions of
the structure. The order in which bending and shear cracks developed, and the
initial elastic stiffness was in agreement with that predicted by elastic
analysis. The stiffness between cracking and the plastic capacity was about
one third the elastic stiffness and predictable by proper consideration of
cracking and yielding deformations. At failure plastic hinges formed at the
bottom of the first story columns and at the ends of the beams. All horizontal
and vertical joints performed well and even after the structure was loaded
well into the inelastic range there was considerable elastic recovery on re
moval on the lateral loads.

In another Japanese study {49] the lateral load results of Fig. 16 were obtain
ed for ffix full scale multi-story frames representing parts of apartment
buildings assembled from precast elements. The first structure was a five
story precast large panel building, four panels wide [25]. The horizontal
joints were made by welding together steel plates anchored in the panels. The
cast-in-situ vertical joints contained reinforcing bars which were welded to
other bars protruding from the panels. The structure had a capacity 7.6 times
the design load and initially damping was 6.3%. After the structure reached
its ultimate load and deformations were increased there was a considerable drop
in capacity due to shear failure of the wall panels. It was concluded that
the stiffness of this structure should be assessed assuming floor slabs to be
rigid, panels connected by wet joints to behave monolithically and panels con
nected by dry joints to behave independently. The second structure was also
five stories high but of large panel construction being only two panels wide.
The structure had a capacity 4.8 times the design load and the coupling beams
failed badly in shear before the maximum load was reached. The third and
fourth structures were four stories high and two panels wide [26J. Vertical
connections between columns and girders were made by post-tensioning and joints
between floor slabs and between floor slabs and beams by welding together steel
plates anchored in each element. In the longitudinal direction there was a pre
cast framework of girders and columns. For one structure wall panels had a
length about twice their height. In the other structure the wall panels were
square. For the third structure horizontal slippage began at 1.2 times the
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design load so that for higher loads displacements were much greater than the
theoretical. The maximum capacity was 3.9 times the design load with the
failure mechanism being that of shear in the second and third floor beams. For
the fourth structure vertical slippage between wall columns and wall beams be
gan at twice the design load and the stiffness decreased rapidly. The maximum
capacity was four times the design load and that capacity decreased rapidly
with cycling due to shear crack development in wall columns and beams. The
fifth and sixth structures were made with precast rigid frames in the longitu
dinal direction and precast shear walls in the transverse directions. Connec
tions were made by bolling and grouting. For the fifth structure the ultimate
load was 1.8 times the design and the behavior was very ductile with little
reduction in capacity with reversed cycling. For the sixth structure the ulti
mate load was 2.1 times the design and there was a significant decrease in the
capacity with cycling due to slippage of the longitudinal reinforcement in
the first story column to column connection.

Other recent investigations include shaking table tests on one third
scale multi-story structures [37] and forced vibrations of a 17 story building
[40]. From all the testing conducted to date it is apparent that while the
joints of the system are usually the weak point, the response also depends on
the rigidity and strength of the members joined and those characteristics in
turn depend on the method of jointing. While precast structures that behave
in a ductile manner under cyclic loading can be developed by careful attention
to details it is not easy to predict the strength and response of such struc
tures. Not only is the analysis difficult, laboratory and field experience
shows that the strength and the response are very dependent on the quality and
consistency of the construction work. If precast concrete construction is to
be widely used in seismic zones in the U.S.A. the precast industry must lead
the way and develop recommended design concepts that are structurally sound
and economically viable. The industry must then work with research organiza
tions to prove the validity of those concepts for seismic loadings, to refine
and simplify details and develop guidelines for seismic analysis. Until such
steps are taken experiments on subassemblages and frames are not warranted.

Analytical Investigations

Analytical work oriented towards particular building systems has been con
ducted in Eastern Europe and Japan. Bukharbaev [34] has used a finite strip
method to determine the strained three-dimensional behavior of box units and
found predicted responses agreeing closely with field data. This method re
sults in 20 to 40% increases in predicted rigidity for the longitudinal direc
tion and up to 80% for the lateral directions as compared to plane stress or
strain predictions. Okamoto and Yokoyama [39] have described the development
of a building consisting of shear walls positioned three dimensionally in a
checkered pattern and reinforced around their peripheries by frames. The via
bility of their design concept was proven experimentally. For analysis the
frame is considered as composed of unit walls with each wall as a finite ele
ment and stiffness matrices are developed for the entire frame for a finite
number of deformation stages. Kanoh [65] has provided a commentary on the AIJ
Standard for structural design of low rise apartments and described how those
design rules were evolved from full size tests on buildings.
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by
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New Zealand Ministry of Works and
Development

INTRODUCTION

Many countries have not developed detailed building code provisions for
the seismic design of prestressed concrete because of the lack of comprehens
ive experimental and theoretical studies of prestressed concrete structures
subjected to seismic type loading.

This paper presents the results of some recent experimental work
conducted on partially prestressed and prestressed concrete beam-column
assemblies in New Zealand and makes design recommendations based on the
analysis of these and other test results.

REVIEW OF PREVIOUS EXPERIMENTAL RESEARCH INTO THE
SEISMIC RESISTANCE OF PRESTRESSED CONCRETE FRAMES

A detailed review of research into the seismic behaviour of prestressed
concrete structures and structural elements has been reported by Blakeley,
Park and Shepherd [1] covering known existing studies up to 1970. This previous
research included cyclic loading tests by Nakano [2,3] on model single storey
and four storey frames, by Spencer [4] on prestressed concrete members, and by
Inomata [5] on both prestressed and reinforced concrete members. This previous
research pointed to the smaller energy dissipation of prestressed concrete under
cyclic loading (i.e. smaller hysteretic damping), and hence the possible larger
deflection response to a severe earthquake, than a comparable reinforced
concrete structure,but also indicated that adequate ductility of prestressed
concrete sections could be provided. At the FIP Symposium on Seismic Structures
in Tbilisi, USSR, in 1972, many papers containing research into the seismic
resistance of prestressed concrete structures and their actual performance in
earthquakes were presented. For example, Ban [6] reported on research
conducted in Japan and concluded that prestressed concrete members designed
in accordance with the 1966 FIP-CEB recommendations [7] behave as well as
comparable reinforced concrete members when subjected to reversed inelastic
loading. Blakeley and Park [8] summarized research in New Zealand involving
tests on members and beam-column joints and analytical studies.

The FIP Commission on Seismic Structures reported to the 7th Congress of
the FIP in New York in 1974. The report [9] presented general design
information and summarized the papers presented at the 1972 Tbilisi FIP
Symposium on Seismic Structures. The report concluded that the Tbilisi
Symposium had quite definitely confirmed the possibility of the wide
application of prestressed concrete in seismic resistant construction and its
effectiveness under seismic loading for the structure of buildings and
facilities. However it was also concluded that for more rational design



the development of regulations is necessary, and that it was also necessary
to widen the scope of research work and to accumulate more experimental data.

Thus there is still a need for more information on the behaviour of
prestressed concrete structures under inelastic cyclic loading to establish
more accurately such properties as plastic rotation capacity, stiffness
degradation,and hysteretic damping capacity,so as: (al to enable detailed
design provisions to be drafted for the seismic design of prestressed
concrete members, and (b) to enable more accurate studies to be conducted of
the nonlinear dynamic response of multistorey prestressed concrete structures
to severe earthquakes to establish the likely deflection response and
ductility demands.

PREVIOUS EXPERIMENTAL STUDY OF THE SEISMIC RESISTANCE OF
PRESTRESSED CONCRETE SUBASSEMBLAGES AT UNIVERSITY OF CANTERBURY

The beam-exterior column tests reported on at the 1972 FIP Tbilisi
Symposium by Blakeley and Park [8], and reported in more detail elsewhere
[10,11], involved four full-size precast concrete assemblies. Each assembly
consisted of a column intersected by a beam on one side, representing that
part of a frame in the region of a beam-exterior column joint between the
points of contraflexure of the members. Each column was pretensioned. Each
beam was post-tensioned by grouted tendons which passed through the column
and were anchored in a beam stub. Mortar joints existed between the precast
concrete elements at the column faces. Two of the assemblies were designed
to form plastic hinges in the beams adjacent to the columns and two were
designed to form plastic hinges in the columns adjacent to the beams when
subjected to static cyclic loading simulating a severe earthquake. The
axial load on the columns was less than 20% of the axial load capacity.
Fig. 1 shows an assembly during test with plastic hinges forming in the
columns.

Fig. 1 Beam-Exterior Column Assembly Under Test [8,10,11]

1911
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The following conclusions were reached from the test results:
(a) energy dissipation is relatively small prior to the commencement of
crushing of the concrete, but after crushing has commenced it may be
substantial, (b) large ductility can be available in prestressed concrete
members, even when the transverse reinforcement satisfies only normal
prestressed concrete code requirements for shear, (c) it is recommended that
corrugated metal ducts be used for post-tensioned tendons through columns
for exterior and interior beam-column assemblies so as to minimize the
possibility of a bond failure between the ducts and the columns at large
deformations, (d) mortar joints at critical sections between the precast
post-tensioned frame members can behave well under the load reversals.

It was found possible to predict with good accuracy the shape of the
measured moment-curvature hysteresis loops at the plastic hinge sections
using an analysis based on idealized stress-strain relationships for concrete
and steel subjected to reversed loading [12,11]. These analytical moment
curvature loops involved considerable computer time in their derivation and
an empirical moment-curvature loop shape for prestressed concrete was
proposed which took the degree of stiffness degradation and energy dissipat
ion into account. This empirical moment-curvature loop has been used in
nonlinear dynamic analyses of single degree of freedom prestressed concrete
structures to predict their response to a severe earthquake [13,11].

RECENT EXPERIMENTAL STUDY OF THE SEISMIC RESISTANCE OF PRESTRESSED
CONCRETE SUBASSEMBLAGES AT UNIVERSITY OF CANTERBURY

A further series of tests involving ten beam-column assemblies has
recently been completed at the University of Canterbury [14,15]. The beams
in this recent test series contained a range of proportions of prestressing
steel and nonprestressed reinforcing steel to allow a comparison of
prestressed and reinforced concrete frames and to establish the possible
advantages of combining both systems. Also, the tests involved interior
columns, rather than the exterior columns tested previously. The tests were
aimed at determining the deformation capacity and degree of damage of such
frames when responding to severe seismic load reversals and were to establish
further basic information for the design of framed structures for earthquake
resistance. The results obtained from the ten beam-interior column
assemblies tested are summarized in the following sections. The results
may be seen reported in more detail elsewhere [14,15].

TEST SPECIMENS

General Description

The beam-interior column test assemblies represent the part of the multi
storey plane frame shown encircled in Fig. 2. The assembly can be regarded
as being the part of the frame between the points of contraflexure at a
typical beam-interior column joint. The assembly was loaded as shown in
Fig. 3a by an axial load P on the column representing load due to the weight
of the building, floor loads and s~ructure overturning moment, and by vertical
loads V on the ends of the beams representing shear induced by earthquake
loading. The applied beam loads induce reactive shears H at the ends of the
column. By reversing the direction of the vertical loads the effects of
earthquake loading were simulated.
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It is to be noted that in the actual case of a frame under earthquake
loading the ends of the beams of the test units would remain approximately
on the same horizontal line and the column ends would be displaced
horizontally, as illustrated in Fig. 3b. Imposing vertical deflections on
the beam ends instead of imposing horizontal deflections on the column ends
results only in a difference in the horizontal shears H acting on the
columns, no change results in the beam or column moments for a given V. In
the real frame situation,column top horizontal displacement 6 may be related
to the beam end vertical displacement 0 by observing the rigid body rotation
of the specimen required to obtain the loading in Fig. 3b from the loading
in Fig. 3a. The relationship given by such rigid body rotations is
0/1 = 6/h . This means that the column moment at the beam due to 6 is
p6 = POh/l, which may be considerable if P cr 0 are significant. The P6
moment should be taken into account when assessing the seismic shears
capable of being carried at large deflections. Equilibrium of the specimen
in Fig. 3b requires that H = (VI - PM /h, where H may be regarded as the
seismic shear capacity of the beam-column assembly if VI is the ultimate
moment capacity of the beam (or column) section.

Dimensions and Details of Concrete and Steel of Beam-Column Assemblies

Fig. 4 shows the overall dimensions of the test assemblies. The beams
and columns were cast monolithically. The flexural steel content was such
that the column section was stronger than the beam section so that under
severe seismic loading plastic hinging was enforced in the beam rather than
in the column. Thus the critical sections were in the beam adjacent to the
column faces. Ten assemblies were tested. The beam and column cross
sections giving the steel details are shown in Figs. 5 and 6.

The beams contained various quantities cf prestressed and nonprestressed
steel and were designed to have approximately the same flexural strength.
The prestressing tendons were post-tensioned to approximately 70% of their
ultimate strength at transfer and grouted. The ultimate tensile strength
of the prestressing tendons varied between 229 and 247 ksi (1,580 and 1,700
MFa) . The prestress in the concrete of the beams of each unit at transfer,
as measured by load cells at the ends of the tendons, is shown in Table 1.
The nonprestressed longitudinal steel in the beams was from deformed bar with
yield strength varying between 40.4 and 49.2 ksi (279 and 330 MFa). The
columns contained only nonprestressed steel. The longitudinal steel in the
columns was from deformed bar with yield strength varying between 56.7 and
60.2 ksi (391 and 415 MFa). The transverse reinforcement in all members
was from plain round bar with yield strength varying between 41.9 and 48.8
ksi (289 and 337 MFa). The concrete compressive cylinder strength at the
time of testing the units varied between 4,530 and 5,840 psi (31.2 and
40.3 MFa).

Theoretical Flexural Strength of Members

Fig. 7 shows a beam section at the flexural strength with the usual
assumptions of ACI 318-71 [16] made for concrete strain and equivalent
concrete stress distribution. The flexural strength of the members was
calculated using the actual stress-strain curves for the prestressed and
nonprestressed steel and the assumed ACI concrete compressive stress block,
by satisfying the requirements of equilibrium of internal forces and strain
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Table 1 Prestress and Theoretical Strength of Members According to
ACI 318-71 [l6]

Concrete Prestress I Theoretical Flexural ITheoretical Shear

Unit
in Beam at Transfer, Strength*, kip in' Strength+, kips

psi Beam Columnx Beam Column Joint
Core

1 1160 1495 2047 36.6 53.4 217
2 386 1730 2134 57.1 56.6 221
3 - 1672 2137 61.6 56.2 220
4 1123 1588 2077 56.3 55.0 219
5 1198 1734 2107 61. 6 58.0 220
6 371 1708 2121 67.6 58.4 220
7 675 1601 2123 67.5 58.3 220
8 1102 1571 2062 59.4 56.8 218
9 1228 1629 2174 58.8 55.1 288

10 362 1657 2131 69.9 60.0 293

*

+

x

Using for concrete the ACI stress block and an extreme fibre
compressive strain of 0.003
Using ACI 318-71 approach carrying shear on concrete and
transverse steel, Eqs. 1, 2 and 3
With an axial load of 100 tons (996 kN) present.

Note: 1 psi = 0.00689 MFa, 1 kip in = 113 Nm, 1 kip 4.45 kN.
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compatibility, with an extreme fibre concrete compressive strain of 0.003.
Perfect bond between steel and concrete was assumed. The neutral axis
position and the internal forces in the beams so found are shown in Table 2,
using the notion of Fig. 7 where Tl ,T2 and T3 refer to the forces in the
prestressed steel and T4 and C

5
refer to the forces in the nonprestressed

steel. The theoretical flexural strength for the beams was obtained by
taking the moments of these internal forces about a convenient axis and is
given in Table 1.

Table 2 Theoretical Neutral Axis Depths and Internal Forces in
Beams at Flexural Strength

c a T
l

T
2 I T

3
T

4
C5 C

Unit c

in in kips kips kips kips kips kips

1 6.43 5.27 75.3 69.2 41. 9 9.0 9.0 186.4
2 3.21 2.49 - 78.8 - 82.9 56.9 104.8
3 2.78 2.17 - - - 118.2 29.0 89.2
4 6.36 5.07 77.5 72.9 45.1 10.5 10.2 195.9
5 6.47 5.09 129.3 - 75.1 10.4 10.4 204.3
6 3.71 2.90 - 79.9 - 84.2 45.3 118.8
7 4.00 3.13 51. 7 48.7 27.8 36.1 36.6 127.7
8 6.32 5.12 76.1 69.8 42.4 10.7 10.6 188.4
9 6.90 5.69 124.8 - 71. 6 11.0 10.6 196.8

10 3.63 2.76 - 75.4 - 81. 0 33.7 122.9

Note: 1 in = 25.4 rom, 1 kip = 4.45 kN.

Table 1 also shows the theoretical flexural strength of the column
sections calculated by the same procedure when a 100 ton (996 kN) axial column
load was present as in the tests. Note that the column flexural strengths
were greater than the beam flexural strengths.



1918

The capacity reduction factor ~ was assumed to be unity in all
flexural strength c~lculations.

Theoretical Shear Strength of Members

The theoretical horizontal shear strength of the members was calculated
using the ACI 3lS-7l [16] procedure for members with shear reinforcement
perpendicular to the flexural reinforcement, namely

where V
c

v bd
c

v
u

v + Vc s (1)

(2)

and V
s (3)

in which v nominal shear stress carried by the concrete, b = width of
section, d

C= distance from extreme compression fibre to centroid of tension
steel but in the case of a prestressed concrete member not less than O.S of
the overall depth of the section, A = area of transverse shear reinforcement
within distance s, f = yield stren~th of shear reinforcement, and s = spacing
of shear reinforcemeht. The capacity reduction factor ~ was taken as unity.

For the beams the shear stress carried by the concrete v was conser
vatively assumed to be 21f' psi (0.167/fl MPa) in Eq. 2. TheCtheoretical
shear strengths calculatedCfor the beamscon this basis from Egs. 1 to 3 are
shown in Table 1. The maximum theoretical shear force which can be applied
to the beam in the tests is the beam ultimate moment capacity divided by the
shear span of the beam. This ignores the small contribution to the shear
carried by the beam dead weight. using the theoretical beam flexural
strengths of Table 1 and the beam shear span of S ft 9 in (2.67 m), the
maximum theoretical applied beam shear force varied between 0.23 and 0.j9
of the beam theoretical shear strength. The maximum nominal shear stress
caused by this applied shear force in the beams varied between 1.52/fT and
1.7SIf' psi (0.126/fl and 0.14SIf' MPa). Thus beam shear should not Ee
critic~l as either eRe concrete o~ stirrups was capable of carrying the
entire maximum applied shear force alone.

For the columns the
calculated using the ACI

v
c

or v
c

nominal shear stress carried by the concrete was
3lS-7l [16] expression

2 (1 + 0.0005N /A )ff' psi (4a)
u g c

0.166 (1 + 0.0725N /A )If' MFa (4b)
u g c

where N column axial compressive load, A - gross area of column, and the
units a¥e lb and in in Eq. 4a and N and rom ~n Eq. 4b. For the axial column
load of 100 tons (996 kN) as in these tests Eq. 4 gives v as 3.171£' psi
(0. 2631f' MPa). The theoretical shear strengths of the golumns calgulated
from Eqs~ 1 to 3 using this v value and for the quantity of column ties in
the columns are shown in Tab12 1. The maximum theoretical shear force
which can be applied to the column if the column reaches flexural strength
is the column ultimate moment capacity divided by the column shear span of
4 ft 9 in (1.45 m). The maximum theoretical column shear force so calculated
varied between 0.62 and 0.69 of the theoretical column shear strength. Thus
column shear should not be critical during the tests.
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Theoretical Horizontal Shear Strength of Joint Cores

horizontal planes across the joint (for example plane 1
the maximum horizontal shear force occurs in the middle
neutral axis positions of the beam sections. Therefore
horizontal shear force in the joint core is

Beam Internal Forces and Column
Shear Acting on Joint Core

r.J :::m~ I
T,. ~c

~ C -T

~~
Fig. 8

The theoretical horizontal shear strength of a reinforced concrete beam
column joint core according to Appendix A of ACI 318-71 [16] may be found from
Eqs. 1 to 3 applied to the column in the joint core region. For the test
units, v from Eq. 4 is 3.171f' psi (0.2631f' MFa) as for the column, band
dare ascfor the column sectiog, and A f disc applies to the column hoops in
the joint core. The theoretical shearVstrength of the joint cores so
calculated from Eqs. 1 to 3 for all units are shown in Table 1.

Fig. 8 shows the beam
internal forces and
the column shear
force acting on the
joint core at the
theoretical ultimate
moment of the beam.
The beam internal
forces are given in
Table 2 and V 1 is

Beam M 1 divided f5? the
c8£umn shear span of
4 ft 9 in (1.45 m),
where Mcol is the
moment ~n the column
at the face of the
joint core when the
beam reaches its
flexural strength.
Consideration of the
total forces acting
above or below

of Fig. 8) shows that
region between the
the maximum theoretical

(5)Vmax T
4

+ T
l

+ C
5

+ C
c

- T - V
3 C\l

The ratio of maximum theoretical horizontal shear force in the joint core
(calculated from Eq. 5 using the theoretical internal forces in the beams given
in Table 2 and the calculated column shear) to the theoretical joint core
horizontal shear strength (calculated using the ACI 318-71 approach) for the
units ranged between 0.71 and 1.12 with a value greater than 1.01 only in the
case of Unit 5. The horizontal shear reinforcement in the joint core was
theoretically capable of carrying without the assistance of v at least 75%
of the maximum horizontal shear force there. It is evident fhat according
to the ACI procedure, with the exception of Unit 5, the joint cores were
adequately reinforced for shear.

Confinement Steel in the Columns and Joint Cores

When the axial load acting on the column exceeds 0.4p , where Pb is the
column load at balanced failure, Appendix A of ACI 318-71 ~16] requires
rectangular hoops in the joint region with the area of one leg at least equal
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to
(6)

(7)where Ps 0.45[~ _ 1) f~ ? 0.12 ;~
Ach f y y

and lh maximum unsupported length of hoop side, s = spacing of hoops,
A = gross area of column section, A h = area of rectan~ular core of column
m~asured to outside of hoops, f' =cgncrete compressive cylinder strength
and f = steel hoop yield stren~th.

y

For column~ of test units the applied load exceeded 0.4P. The required
spacing of No.5 (15.9 mm dia.) hoops given by Eqs. 6 and 7 fgr Units 1 to 8
varied between 1.7 and 2.1 in (43 and 53 mm). The No.5 (15.9 mm dia.) hoops
present in the joint cores of Units 1 to 8 were at 2 in (51 rom) centres and
hence the ACI requirement was almost met there. In Units 9 and 10 the joint
core hoops were mainly from No.6 (19.1 mm dia.) bar at 2 in (51 rom) centres
and hence the ACI requirement was easily met there for these two units.
Elsewhere in the columns of all test units no attempt was made to meet this
requirement because plastic hinges were not expected to form in the columns.

EXPERIMENTAL PROCEDURE

The test units were subjected to a series of static reversed loading •
cycles which attempted to simulate a very severe earthquake. Throughout the
application of load the deflections imposed on both beam ends were equal.
The loading sequence consisted of two initial loading cycles to beyond the
service load but not to ultimate load, and then generally four loading
cycles to well into the inelastic range. The maximum beam end deflections
imposed in the inelastic range were between 3 in (76 mm) and 5 in (127 mm).
It was calculated theoretically that when yielding of the steel of the
reinforced concrete beam of Unit 3 commenced, the beam end deflection would
be 1.1 in (28 mm), assuming fully cracked beams and columns. Thus
theoretically a beam end deflection of 4.4 in (112 mm) of Unit 3 was required
to enforce a displacement ductility factor of 4 if all the members were fully
cracked. The prestressed and partially prestressed beams were subjected to
deflections of approximately the same magnitude as for the reinforced concrete
beam in order to compare their behaviour.

The cyclic loading on the test units was applied statically over a time
period of days rather than dynamically over a time period of seconds as would
occur in an earthquake. Nevertheless it is considered that static reversed
load tests should give a good estimate of the actual structural behaviour
under rapid earthquake load reversals.

The test rig with a beam-column unit in place is shown in Fig. 9.
During the tests a constant axial load of 100 tons (996 kN) was applied to
the column through a hydraUlic jack. This column load was 0.22P and 0.63Pb ,
where P is the axial ultimate load capacity and P

b
is the balancgd failure

load of°the column for the column material design strengths of f = 60 ksi
(414 MPa) and f' = 5500 psi (38 MPa). The beam ends were 10adedYby hydraulic
jacks operated Zy hand pumps and the imposed deflection of the beam ends
could be controlled so that both the rising and falling branches of the



load-displacement curves
could be followed. Strains
were measured using mechanical
or electrical resistance strain
gauges. Rotations in plastic
hinge regions in the beams were
also measured by dial gauges
attached to frameworks which
in turn were attached to pins
in the concrete.

The damaged concrete of
one unit (Unit 1) was repaired
after testing to check whether
satisfactory structural
behaviour could be achieved
after repair. The repair was
carried out by jacking the
damaged beams back to the
horizontal position (straight
ening the structure is probably
the most difficult aspect in
a real repair job), chipping
away the damaged concrete in
the plastic hinge regions of
the beams, placing two No.3
(9.5 mm dia.) stirrups around
the remaining core of the
beams in each damaged region,
and replacing the removed
concrete by new concrete to

Fig. 9 A Unit in Test Frame During Testing give the original cross-
sectional dimensions. Fig. 10

shows Unit 1 during repair. After a time interval for curing the gaining
strength the repaired test unit was subjected to cyclic loading. Only Unit 1
was repaired and retested.

TEST RESULTS

Behaviour of Units With Fully Prestressed Beams (Units 1,4,5,8 and 9)

These five units were able to be loaded to well beyond the service load
and then unloaded with almost complete deflection recovery and negligible
visual residual damage. In the subsequent loading cycles, after the beam
moment capacities had been reached and crushing of the concrete had commenced,
the energy dissipation capacity of the members increased and significant
degradation of stiffness and strength occurred. Figs. 11 to 16 show the
measured beam moment at column face-beam end deflection curves and illustrate
the damage visible at the end of the first loading cycle to the ultimate
beam moment capacity. With subsequent loading cycles into the inelastic
range the inelastic deformations concentrated in the beam plastic hinge
regions of Units 1 and 4 and mainly in the joint cores of Units 5, 8 and 9.
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Fig. 10 Repair of unit 1: New
Concrete Placed at One
section, Other Section
About to be Boxed Ready
for Placing Concrete
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(a) Beam Moment
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Fig. 13 Unit 5 (1 kip in = 113 Nm, 1 in 25.4 mm)
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Fig. 16 Unit 1 Repaired (1 kip in = 113 Nm, 1 in = 25.4 rom)

The extent of inelastic deformation occurring in the beams may be illustrated
by examining the moment-curvature curves measured in the plastic hinge
regions. Fig. 17a and b shows the average moment-curvature curves measured
over a 12 in (305 rom) gauge length in the beams adjacent to the column faces
of Units 4 and 5. The similarity of shape of Fig. 17a with the moment
deflection curve of Fig. 12a indicates that most of the inelastic deformation
occurred in the plastic hinge region of Unit 4 during all the loading cycles.
However, the difference in shape of Fig. 17b when compared with the moment
deflection curve of Fig. l3·a (note the decrease in loop area of Fig. l7b as
the load cycles proceed) indicates that the inelastic deformation occurred
in the plastic hinge region of Unit 5 in the first load run but with
subsequent loading cycles the inelastic deformation occurred increasingly
elsewhere in the unit, namely in the joint core.

12

(a) unit 4 (b) unit 5

Fig. 17 Average Moment-Curvature Relationships Measured Over a 12 in
Gauge Length in Beam Adjacent to Column Face (1 kip in = 113 Nm,
1 in = 25.4 rom)



The degradation in the stiffness and strength of Units 1 and 4 was due
to the reduction in the sectional area of the beams when the cover concrete
crushed and also to the reduction of prestressing force caused by the
residual inelastic steel strains. Comparison of the moment-deflection
curves for Units 1 and 4 (Figs. lla and l2a) shows that the closer spacing
of stirrup ties in Unit 4 did not have a marked influence on the ductility
of that unit. This was because the closer stirrup spacing did not prevent
loss of the cover concrete and hence did not prevent loss of stiffness and
strength due to crushing of the concrete cover. However close inspection
of Figs. lla and l2a does indicate that the closer stirrup spacing in the
beams of Unit 4 enabled the beam moment to be still increasing significantly
when each loading run was terminated, whereas for Unit 1 the beam moment change
was small at the ends of the loading runs because of the deeper penetration
of concrete crushing into the beam core between the stirrups. The 3~ in
(89 mm) spacing of stirrup ties in the beams of Unit 4 was approximately d/4,
if the effective depth d is taken as 0.8 of the overall depth of the member.
Comparison of the moment-deflection curves of Units 4 and 8 (Figs. l2a and
l4a) shows the influence of using l~ in (38.1 mm) and i in (9.5 mm) thickness
of concrete cover to the stirrups, respectively. It is evident that the
reduction in moment capacity when concrete crushing commenced (loading runs
5 and 6) was less significant for the member with the smaller concrete cover
(Unit 8) because of the larger area of confined core. Thus to retain the
flexural strength of members at a high level after concrete crushing the
cover thickness should be kept as small as possible.

The behaviour of the joint cores of Units 1 and 4 was satisfactory. The
degradation of the strength and stiffness of Units 5, 8 and 9 was due to the
gradual deterioration of the joint cores of those units, which commenced after
the first inelastic loading run. This deterioration of the joint cores was the
result of repeated opening and closing of diagonal tension cracks in alter
nating directions and yielding of the hoop reinforcement in the joint cores.
Unit 5 contained the same joint core shear reinforcement as Units 1 and 4,
but lacked a prestressing tendon at the centre of the beam depth. Unit 9
contained more joint shear reinforcement than Units 1 and 4 but also lacked
a central prestressing tendon. Thus the presence of a tendon at mid-depth of
the beam passing through the joint core was shown to be beneficial to joint
core behaviour. The failure of the joint core of Unit 8, even though it had
a central prestressing tendon through the joint core and the same joint
reinforcement as Units 1 and 4, occurred partly because of the high level of
moment being maintained in the loading cycles in the inelastic range due to
the small thickness of concrete cover, thus imposing large horizontal shear
forces on the joint core for much of the loading cycles. Also, a reduction
in the prestress on the central region of the joint occurred in this unit
during the inelastic loading runs because the central prestressing tendon was
subjected to a large inelastic strain in loading run 5. Thus for Unit 8, in
the loading runs following loading run 5, the central prestressing tendon was
not as effective as in Units 1 and 4.

The repair of Unit 1 by straightening the damaged beam, removing the
damaged concrete in the plastic hinge region and replacing the concrete there,
demonstrated that it is possible to repair prestressed concrete members,
provided the initial straightening operation can be achieved in practice.
Fig. 16a shows the moment-deflection behaviour of the repaired unit. The two
extra stirrups placed within the new concrete at each repaired plastic hinge
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region helped confine the concrete and the performance of the repaired unit
in the subsequent load testing was satisfactory. The new concrete was not
prestressed, and the prestressing tendons merely acted as ordinary
reinforcement. However the overall performance of the repaired unit was
satisfactory although as expected the crack control in the new concrete was
not as good as in the original unit. For instance, at 63% of the
experimental ultimate moment the measured maximum crack width in the new
concrete was approximately 0.015 in (0.38 mm) whereas in the original
prestressed beam that magnitude of measured maximum crack width was not
reached until 98% of the experimental ultimate moment had been applied.

Behaviour of Units With Partially Prestressed Beams (Units 2, 6, 7 and 10)

These units were able to be loaded to well beyond service load and then
unloaded with almost complete deflection recovery and little visible
residual damage. In the subsequent load cycles, after the beam moment
capacity had been reached and crushing of the concrete had commenced, the
energy dissipation capacity of the members was considerable (greater than
for the units with fully prestressed beams) although significant degradation
of stiffness, and in some cases strength, occurred. Figs. 18 to 21 show the
measured beam moment at column face - beam end deflection curves and illustrate
the damage visible at the end of the first loading cycle to ultimate beam
moment capacity. With subsequent loading cycles into the inelastic range.
the inelastic deformations concentrated in the beam plastic hinges of Units
7 and 10 and mainly in the joint cores of Units 2 and 6.

Beam End D"ft"crion

-'500

(a) Beam Moment
Column Face
Versus Beam
End Deflection

Fig. 18 Unit 2 (1 kip in = 113 Nm, 1 in = 25.4 mm)

The beneficial effect of the nonprestressed compression steel in the
compression zones of the beam plastic hinges of Units 7 and 10 is evident
from the stable moment-deflection curves for these two units after the first
inelastic load run (see Figs. 20a and 2la). Although the stiffness in the
subsequent load cycles is smaller than the initial elastic stiffness the
strength degradation was not large, since after crushing of the concrete had
commenced the compression steel was able to carry some of the compression
previously carried by the cover concrete and therefore helped maintain the
internal lever arm. Also there was no significant slip of the No. 6
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(19.1 mm dia.) beam bars through the joint core.

The behaviour of the joint cores of Units 7 and 10 was satisfactory. In
the case of Units 2 and 6 the degradation of strength and stiffness was due
to deterioration of the joint cores of those units which commenced after the
first inelastic loading run. Units 2, 6 and 7 contained the same joint shear
reinforcement but Unit 7 did not contain as much nonprestressed longitudinal
steel as Units 2 and 6. Evidently the bond forces from the nonprestressed
steel in Units 2 and 6 caused the difference. Unit 10 contained more shear
reinforcement in the joint core than the other three units but otherwise was
identical to Unit 6. All four units contained a prestressing tendon at mid
depth in the beam at the joint, but this was evidently unable to prevent
joint core shear degradation in the case of Units 2 and 6. In Unit 2 the
No.9 (28.6 mm dia.) beam bars slipped backwards and forwards through the
joint core from loading run 7 onwards but in Unit 6 in which the No.6 (19.1
mm dia.) beam bars were used there was no significant slip.

Behaviour of Unit with Ordinary Reinforced Beam (Unit 3)

Fig. 22a and b shows the measured beam moment at the column face - beam
end deflection curves and illustrates the damage visible at the end of the
first load cycle to ultimate beam moment capacity. After the maximum moment
had been reached in each direction there was deterioration of the joint core
concrete and the subsequent reduction in stiffness and strength of the unit
was due to damage concentrating in the joint core. The Nos. 8 and 9 (25,4 and
28.6 mm dia.) beam bars slipped through the joint core during the load
cycles in the i~elastic range. Joint core shear failure in this reinforced
concrete unit was more comprehensive than in any of the other units. Fig.
22c shows the average moment-curvature curve measured over a 10 in (254 rom)
gauge length in the beam near the column face and it is evident that most of
the inelastic deformation occurred in the joint core and not in the plastic
hinge after the first loading run into the inelastic range.

ANALYSIS OF TEST RESULTS

Analysis of Plastic Hinge Behaviour

Table 3 shows a comparison of the measured flexural strength of the
beams at the critical sections in the first loading runs into the inelastic
range in each direction (loading runs 5 and 6) with the theoretical moment
capacity calculated using the ACI rectangular concrete compressive stress
block, an extreme fibre strain of 0.003 and the actual stress-strain curves
for the steel. The agreement is reasonable. The measured values are
generally higher than the theoretical values since the maximum moment was
reached at an extreme fibre concrete compressive strain of greater than 0.003.
During the subsequent loading runs, in the case of those units where
inelastic deformations concentrated in the plastic hinge regions of the beams
(Units 1, 4, 7 and 10), there was an appreciable degradation of flexural
strength~n the case of Units 1 and 4 but not in the case of Units 7 and 10.
This was due to the different tension forces in the steel and compression
steel contents of those members. The theoretical ratio of the depth of
rectangular concrete compressive block to overall depth (a/h) of the beams
of Units land 4 was 0.29 and 0.28, respectively (see Table 2).
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Fig. 22 Unit 3 (1 kip in = 113 Nm, 1 in = 25.4 mm)

Table 3 . Flexural strength of Beams at the Column Face in Loading Runs 5 and 6
Max. Experimental Moment Max. Experimental Moment

Unit in Loading Run 5 in Loading Run 6
Theoretical Ultimate Moment Theoretical Ultimate Moment

1 1. 09 1. 03
Repaired 1 0.86* 0.97*

2 1. 04 1. 08
3 1. 03 0.95
4 1.16 1. 05
5 1. 07 1. 08
6 1. 02 1. 07
7 1. 06 1. 03
8 1.15 1.14
9 0.99 1. 04

10 1. 05 1.11

* Theoret~cal ult~mate moment used 1S that of the or~g~nal sect~on.
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Had there been a smaller tension force in the steel, or significant
compression steel, in the beams of units 1 and 4, so that the ratio of a/h
was smaller, the degradation of flexural strength with subsequent load
cycles would not have been so marked. In the case of Units 7 and 10, which
had a smaller tension force in the steel and significant compression steel
present, the theoretical ratio of a/h was 0.17 and 0.15, respectively (see
Table 2), and the degradation of flexural strength with subsequent load
cycles was much less marked. The draft New Zealand concrete design code will
proposed that a/h should not exceed 0.2 for beams with stirrup ties present as
in the test units, and will propose that a/h should only be allowed to
approach 0.3 in beams if as much special transverse steel is present as in
the potential plastic hinge zones of columns. It was also evident from
the tests that the 3! in (89 rom) spacing of stirrup ties used in the plastic
hinge regions of the beams prevented excessive penetration of concrete
crushing into the core concrete between the stirrups, and that this spacing
prevented buckling of the longitudinal beam steel during the loading cycles.
The draft New Zealand concrete design code will propose that the spacing of
stirrup ties in the plastic hinge zones of beams should not exceed the
smaller of 4 in (100 rom), d/4,or six longitudinal bar diameters,if a/h ~ 0.2.

Longitudinal strains measured on the members allowed the curvature
distribution along the members to be calculated. Fig. 23 shows the curvature
distribution measured for Unit 4 at the peaks of loading runs 3, 5 and 11.
For this unit plastic hinging developed in the beam and there was no joint
core deterioration. The area of the measured curvature diagram gives the
rotation which occurs along the member. This area can be divided into a
triangular region of elastic curvature along the length of the member plus a
region of plastic curvature near the critical section [10,18]. The plastic
rotation can be conveniently expressed as

e
p

(8)

where ~ = maximum curvature, ~ maximum elastic curvature, and 1
equivalWg£ plastic hinge length. e The equivalent plastic hinge lengtR,
defined as in Eq. 8, was calculated for a number of beams from the measured
curvature distributions. at the peaks of the loading cycles. In these
calculations the equivalent plastic hinge length was found from the area of
plastic curvature measured divided by the difference between the measured
maximum curvature and the measured maximum elastic curvature [15]. The mean
equivalent plastic hinge length calculated for Units 1 to 4 for the first
inelastic deformation application (run 5) was 8.38 in (213 rom). Since the
beam was 18 in (457 rom) deep the equivalent plastic hinge length could be
taken as approximately one half of the overall depth of the member, which
agrees with the findings of the previous test series [10]. A feature of the
observed plastic hinge rotation with cyclic loading was that the equivalent
plastic hinge length did not decrease with further cycles of inelastic
rotations. Hence equivalent plastic hinge lengths measured in the first
inelastic cycle should give safe estimates of available plastic rotation
capacity in subsequent cycles.
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The measured moment-curvature relationships in the plastic hinge regions
of the beams were also compared with theoretically derived moment-curvature
relationships. The theoretical moment-curvature relationships were computed
assuming that plane sections remain plane, satisfying the requirements of
strain compatibility and equilibrium, and using idealised stress-strain
relationships for the steel and concrete. The stress-strain relationships
for steel used closely followed that obtained experimentally from cyclic
load tests on the steel from the beams [15]. The stress-strain relationship
for the concrete used was similar to that devised previously [11,12] for
cyclic loading. The theoretical approach computed the moment and associated
curvature at strain increments between specified curvature limits. An
iterative procedure was used to determine the neutral axis depth at each
strain increment and the computation is lengthy because of this and because
the strain history of the elements into which the section is subdivided
needs to be followed to calculate the appropriate stress. Prestressed,
partially prestressed and reinforced concrete sections can be analysed using
this technique. The theoretical procedure results in good accuracy, as is
evident from the comparison of the theoretical moment-curvature curves
obtained from this analysis and the measured curves from the experiment for
Units 4 and 7 shown in Fig. 24. In the analysis allowance was made for the
possible buckling of the prestressing steel at large compressive strains by
limiting the level of compressive stress that steel can reach. Note that in
the analytical curves the concrete cover is assumed to crush and be ineffective
at compressive strains greater than 0.004; that is, only the concrete core
and the steel are assumed to be effective at compressive strains greater
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(a) Unit 4 (b) Unit 7

Fig. 24 Comparison of Theoretical Moment-Curvature Relationships with
Average Moment-Curvature Relationship Measured over a 12 in
(305 rom) Gauge Length in Beam Adjacent to Column Face
(1 kip in = 113 Nm, 1 in = 25.4 rom)

than 0.004. The experimental curves for Unit 4 (Fig. 24a) show a
reduction in moment capacity in the first inelastic cycle at a somewhat higher
curvature than that corresponding to a concrete strain of 0.004, indicating a'
higher crushing strain. In the experimental curves for Unit 7 (Fig. 24b) the
reduction in moment capacity due to loss of concrete cover is not so obvious,
possibly because of the effect of the compression steel. Analytical curves
such as shown in Fig. 24 can be used to derive idealized moment-curvature
loops for sections with a range of prestressed and nonprestressed steel
contents for use in nonlinear dynamic analyses [15].

Analysis of Joint Core Shear Reinforcement

The critical diagonal tension cracks observed in the joint cores during
the tests appeared to run from corner to corner of the joint core (see
Figs. llb to 16b and 18b to 22b) rather than at the 45° angle assumed in
ACI 318-71. This observation has been made previously for
reinforced concrete beam-column joints [18,17] and is not surprising since
the corner to corner crack is parallel to the diagonal compression strut
which runs across the joint core between the compression zones of the inter
secting members (see Fig. 26a). This observation does suggest that an
alternative procedure for calculating the horizontal shear force carried by
the shear reinforcement would be to determine the force in the shear
reinforcement which crosses the corner to corner crack [19,18,15]. The
horizontal shear force carried by the horizontal shear reinforcement on this
basis is

v
s

nA f
v y

(9)

where A = area of one layer of shear reinforcement, f = yield strength of
shear r~inforcement and n = number of layers of shear teinforcement
crossing the corner to corner crack.

In addition, these tests, and previously conducted tests on reinforced
concrete beam-column joints [17,18,19], have demonstrated that the horizontal
shear force carried by the concrete shear resisting mechanism in the joint
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core decreases significantly when intense cycles of seismic type loading are
applied to the joint, particularly if the compressive load on the column is
small. The degradation of shear carried by the concrete is due to repeated
opening and closing of diagonal tension cracks in alternating directions in
the joint core. This results in a gradual transfer of shear force from
the concrete to the shear reinforcement as the concrete shear resisting
mechanism degrades, and was illustrated by the strains measured on the joint
core hoops of the units during the tests. The maximum stress in the steel
hoops in the joint cores of Units 1, 4, 7 and 10 (which did not soften
significantly during the tests) were 0.37, 0.73, 0.84 and 0.97 of the hoop
yield strength. Fig. 25a shows the strains measured on the steel hoops in
the joint core of Unit 4 to illustrate a typical distribution of hoop strains

when yielding did
not occur, and the
gradual increase in
hoops strains as the
loading cycles
progressed. For the
remaining units, the
yield strength was
reached in the joint
core hoops generally
in the second in
elastic load run
(run 6), and with
subsequent load runs
the hoop strains
increased appreciably
as the joint core
concrete became badly
cracked. Fig. 25b
illustrates the hoop
strains in Unit 5 as
an example of the
hoop strain
distribution in a
joint core that did
soften significantly.
Nevertheless,
considering the test
results overall, it
is felt that when
the mean compressive
stress on the column
above the joint
exceeds some nominal
value, such as O.lf',
some horizontal she~r
can be allocated to
the concrete.
Comprehensive
evidence of the
horizontal shear

which can be carried by the concrete in the joint core for a wide range of
column loads after severe seismic loading is lacking. However the draft New
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v
c

or V
c

will propose that the horizontal
resisting mechanism when Nu/Ag ~

f' ~
3[1 + 36~0) ~ ~ -1% hbc lb

fl~

0.2S[1 + 2~)~ ~ - ~ hbc N

shear force
O.lf' is

c

(lOa)

(lOb)

where N column axial compressive load, A = gross area of column, f' =
concretM compressive cylinder strength, h =goverall depth of column, agd b
= width of column except that where the column width is greater than the bgam

width the value of b taken is not to exceed the width of the beam under
consideration plus 3

cin (ISO rom) each side of the beam. That is, h b = A
unless the column width exceeds the beam width by more than 3 in (lSb rom) gon
one or both sides. The units in Eq. lOa are lb and in and in Eq. lOb are N
and rom. Eq. 10 gives V = 0 when N /A = O.lf' and increasing values of V
with higher values of &/A. The ~re~ent serres of tests showed that in c
general the units with ali e'ffective prestressing tendon across the central
region of the joint core throughout the test sequence were able to carry the
applied horizontal shear forces successfully, provided sufficient joint core
hoop reinforcement was present. However if no prestressing tendon was present
in the central region of the joint core, or if its effect was reduced by
inelastic strains, shear failure occurred even when a large amount of shear
reinforcement was provided, as in the case of Unit 9. The draft New Zealand
concrete design code will propose that the horizontal shear force carried by
the prestressing steel is

v
p

0.7P
cs

(11)

where P = force in prestressing steel located in middle one-third of beam
depth,aI~er losses. The 0.7 factor in Eq. 11 is to take into account the
possible reduction in P

cs
due to inelastic strains in the steel.

Thus, as an alternative to the ACI 318-71 method, the horizontal shear
strength of the joint core can be written as

v
u

v + V + Vcps
(12)

where V
c

' Vp and Vs are given by Eqs. 10, 11, and 9.

Table 4 sets out the theoretical maximum applied horizontal joint shear
forces calculated using Eq. S with the forces as in Table 2. Table 3 also
sets out the theoretical horizontal shear strengths for each unit calculate.d
by: (i) The ACI 318-71 [16) design procedure (Eqs. 1 to 4) with shear
carried by the concrete and by the hoops in the joint core across a 4Socrack,
and (ii) The alternative design procedure (Eqs. 9 to 12) with shear carried
by the concrete, by the mid-depth prestressing steel, and by the hoops in the
joint core across the corner to corner crack. According to Table 4, the ACI
approach indicates that only the joint core of Unit 5 was significantly
understrength,but that Units 1, 2, 4, 6 and 8 were within 5% of the theoret
ical ACI strength. Also,the table indicates that only the joint core of
unit 5 was within S% of the theoretical strength proposed by the alternative
method. In fact, as noted in the table, only in the case of Units 1, 4, 7 and
10 did the joint core hoops not yield and softening of joint core



Table 4 Joint Core Theoretical Maximum Applied Horizontal Shears and
Theoretical Horizontal Shear Strengths
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IUnit

Theoretical Maximum Theoretical Horizontal Theoretical Horizontal
Applied Horizontal Shear Strength by Shear Strength by
Shear Force, Method (i), kipsb Method (ii), kipsc
kipsa

V V V V V
p

V V
c s u c s u

1 212 35 182 217 35 44 212 291
2* 214 39 182 221 36 44 212 292
3* 207 38 182 220 36 0 212 248
4 221 37 182 219 35 42 212 289
5* 249 38 182 220 36 0 212 248
6* 218 38 182 220 36 42 212 290
7 196 38 182 220 36 25 212 273
8* 216 36 182 218 35 42 212 291
9* 243 35 253 288 35 0 295 330

10 209 40 253 293 36 41 295 372

* Yielding of hoops and softening in joint core eventually occurred
during the inelastic loading cycles in the tests.

a At theoretical ultimate moment of beams.
bUsing ACI 318-71 Eqs. 1 to 4.
c Using Eqs. 9 to 12.
Note: 1 kip = 4.45 kN.

not occur during the tests. One reason for these inelastic deformations in
the joint cores would have been that the actual maximum applied horizontal
shear forces were greater than the theoretical values in Table 4, as was
evident from the fact that the maximum measured moments exceeded the theoret
ical ultimate moments by up to 16%.

However it is considered that the main reason why many of the test units
eventually failed in joint shear was that there was no vertical shear
reinforcement present in the joint cores of any of the units. Shear across a
joint core is transferred by two mechanisms [17]: (a) a diagonal compression
strut which transfers the concrete compression forces between the compression
zones of the intersecting members (Fig. 26a) , and (b) diagonal tension forces
induced into the joint core by the bond forces from the longitudinal steel in
the members (Fig. 26b). Note that the diagonal compression strut is able to
transfer that part of the bond forces which can be transferred to the strut
within the concrete compression zones at the corners of the joint core. Hence
a large axial compressive force on the column which results in a wide diagonal
compression strut will allow a greater bond force to be transferred across the
joint core by the diagonal compression strut and thus require less shear
transfer by the mechanism of Fig. 26b. This is the reason for the beneficial
effect of axial compression on the shear strength of the joint core. It is
evident that the most favourable situation for the joint core is when as much
of the shear as possible is transferred by the mechanism of Fig. 26a, since a
diagonal compression strut theoretically does not require any joint core steel
to function. Note however that the opening and closing of diagonal tension
cracks in alternating directions will eventually weaken the diagonal
compression strut unless effectively confined by joint core steel. Also, if
the forces are introduced into the joint core mainly by bond (Fig. 26b)
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(a) Diagonal compression strut between (b) Diagonal tension from bond forces
compression zones of members in longitudinal bars

Fig. 26 Shear Transfer Across Beam-Column Joint Core

substantial joint core reinforcement will be necessary to carry the diagonal
tension forces induced by the vertical and horizontal bond forces, and that
reinforcement in the joint core will be required in both the horizontal and
vertical directions to carry the horizontal and vertical components of t~
diagonal tension forces [17]. In the test units with nonprestressed
longitudinal steel in the beams, in the first inelastic load run the actions
shown in Fig. 26a and b are both present. However, yielding of the longitudinal
tension steel in the beams will mean that when the loading direction is
reversed an open crack may remain in the beam concrete "compression zone II

resulting in the beam compression force being applied to the joint core mainly
by the longitudinal compression steel until that steel yields and the crack
closes. When a full depth crack exists in the beam at the column face the
actions from the beam are only those shown in Fig. 26b. However since the
column steel has not yielded the compression forces in concrete from the
column can still be transferred by the diagonal compression strut. Nevertheless
with an open crack in the beam at the column face the beam actions need to be
transferred mainly by diagonal tension unless the column compression is large
enough for the compressed column concrete to pick up much of the beam steel
bond forces. This reduction in the effectiveness of the diagonal compression
strut,as far as beam forces are concerned, caused by full depth cracking, is
the main reason for the degradation of the joint shear carried by the concrete
and hence is the main reason for the gradual transfer of shear to be resisted
to the shear reinforcement. This effect apparently occurred in those units
with significant quantities of nonprestressed steel (Units 2, 3, 6, 7 and 10)
leading eventually to shear distress in the joint cores of Units 2, 3 and 6.
The test units had longitudinal column bars placed at only the four corners
of each column. Had the columns of these test units contained a number of
column bars distributed around the section perimeter, which could have acted
as vertical shear reinforcement, shear failure of the joint cores may not have
occurred. Also, Units 3, 5 and 9 had no central prestressing tendon and,in the
absence of intermediate column bars between the corner bars,were particularly
vulnerable to joint core shear distress. Unit 8 maintained a high moment
capacity during the loading cycles and the high joint core shear forces
maintained eventually led to joint core shear distress.

The function of vertical shear reinforcement has been previously
discussed [17] and recent beam-oolumn joint tests,by Blakeley, Megget and



Priestley [20] and Beckingsale [19],have shown that the presence of longit
udinal co~umn reinforcement distributed around the perimeter of the column
section does contribute towards the joint core shear resistance. The inter
mediate column bars in those tests were able to help control the diagonal
tension cracks and to contribute to the truss action carrying diagonal
tension within the joint core. Also the pretensioned strands present in the
central region of the column sections in the beam-column assemblies tested by
Blakeley and Park [10] apparently had assisted the joint shear transfer since
those units showed no sign of joint core distress. The results of the present
series of tests appears to confirm that column bars should be placed around
the perimeter of columns to help carry the vertical components of joint core
forces; that is, the use of four bar columns should be discouraged. The actual
amount of vertical shear reinforcement required in typical joint cores is
still in need of detailed clarification but it is considered that at least one
intermediate bar should exist between the corners bars on each side of the
joint core and that the vertical column bars should not be spaced at more than
6 in (150 rom) centres. Methods for calculating the amount of vertical reinforce
ment necessary in joint cores for shear transfer are being considered currently
for inclusion in the draft New Zealand concrete design code.

Analysis of Bond strength of Beam Flexural Steel
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Slip of nonprestressed longitudinal bars in the beams occurred through the
joint core during some of the tests. Reference to Fig. 8 shows that when beam
moments of opposite sign occur on opposite sides of a column substantial forces
need to be transferred from the steel to concrete in the joint core by bond if
the beam forces are to develop each side of the column as calculated. For
example, the total force to be transferred by bond by the top and bottom layers
of nonprestressed bars in Fig. 8 is T

4
+ C

S
' The bond stresses so generated

can be much higher than those allowed in ACI 318-71 for anchorage. Hence it can
be expected that slip of these bars may occur if the bar diameter is large and/
or the column depth is small. In fact slip did occur in the case of the No.9
(28.6 rom dia.) bars in Units 2 and 3 and the No.8 (25.4 rom dia.) bars in Unit 3,
but no significant slip occurred in the case of the No.6 (19.1 rom dia.) bars
in Units 6, 7 and 10. All longitudinal nonprestressed steel in the units was
from deformed bar. Since the columns were 16 in (406 rom) deep, a simple
recommendation which arises from this result is that the ratio of bar diameter
to column depth should not exceed 0.75/16 = 1/21. In the light of this result
and other tests [19,20] the draft New Zealand loadings code will propose that
when plastic hinges can form in the beams adjacent to the column the diameter
of nonprestressed beam bars passing through the joint should not exceed 1/25th
of the column depth in that direction for deformed bars with a yield strength
of 40 ksi (276 MFa). Higher yield strength nonprestressed bars would need a
more severe limitation. The prestressing tendons were grouted in corrugated
metal ducts and did not show any signs of slip through the joint core during
the tests. Analysis of the bond stresses induced by the tendon forces
indicated that the bond stresses were only high in the case of the beam sections
where there were only two tendons (Units 5 and 9). For tendons embedded deep
in a member the bond si tuation is particularly favourable. The tendon sizes
used in these tests resulted in satisfactory bond behaviour.
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CONCLUSIONS

The conclusions from the test series are as follows:

The prestressed beams of the test units showed a reduction in strength
and stiffness once crushing of the compressed concrete commenced during the
loading cycles in the inelastic range, because the loss of the cover concrete
resulted in a reduction in the area of the effective concrete section in the
plastic hinge regions. In such zones transverse steel in the form of stirrup
ties should be placed with minimum cover to prevent excessive loss of concrete
section and at reasonably close spacing to effectively confine the core
concrete. It is recommended that the spacing of stirrup ties should not
exceed 4 in (102 mm) or one quarter of the effective depth of the member.

The flexural capacity at large deformations of the partially prestressed
and reinforced concrete beams was not so influenced by crushing of the cover
concrete, mainly because of the smaller neutral axis depth and the presence of
compression reinforcement. Compression reinforcement can carry part of the
compressive force that was carried by the crushed cover concrete. However
stirrup ties as for prestressed beams are still required. In addition, stirrup
ties should also be close enough to prevent buckling of the nonprestressed
compression steel. It is recommended that the spacing of stirrup ties should
not exceed six longitudinal bar diameters in order to laterally support the
bars against buckling. Also, nonprestressed reinforcement may
slip through the joint core due to breakdown of bond, particularly if the
column section is small and the bar diameter is large, thus reducing its
effectiveness. A limiting bar size as a function of column size is evidently
required in frames subject to intense seismic load reversals when plastic
hinges form adjacent to columns if stiffness and strength degradation due to
bar slip is to be prevented. It is recommended that the diameter of deformed
bars should not exceed 1/25th of the column depth for steel with a yield
strength of 40 ksi (276 MFa) .

The flexural strength of the beams in the first inelastic loading runs
was up to 16% higher than the theoretical flexural strength, due mainly to the
maximum moment being reached at an extreme fibre compressive concrete strain
of greater than 0.003 and due to confinement of the compressed beam concrete
immediately adjacent to the column face by the column.

Columns

In these tests the columns were stronger than the beams and hence were not
critical elements, apart from in the joint core regions.

Joint Cores

The shear reinforcement of the beam-column joint cores had been designed
according to the method of Appendix A of ACI 318-71 [16]. The beams of the
test units all reached at least 95% of their theoretical flexural strength in
the first inelastic loading run in each direction, accompanied by yielding of
joint core hoops in some units, indicating that the ACI design approach was
adequate for the first inelastic load cycle. For those units in which the hoops



yielded, further load cycles resulted in a degradation of the joint core shear
strength. For those units the strength of the joint core then governed the
strength of the unit and the greater part of the inelastic deformation of the
unit then occurred in the joint core. Thus although the ACI approach for joint
core shear design allowed the attainment of the design shear strength
satisfactorily in the first inelastic load cycle, degradation of joint core
shear strength occurred in some units in subsequent inelastic load cycles
because of large alternating diagonal tension cracks in the joint core due to
yielding of hoops leading to a breakdown in the concrete shear resisting
mechanism. In the units with nonprestressed longitudinal steel in the beams,
it was evident that joint core shear failure was also brought about in the
subsequent inelastic load cyles by the introduction of beam compressive forces
into the joint core mainly by bond forces from the longitudinal steel. Those
units with no central tendon passing through the joint core were particularly
vulnerable to shear failure of the joint core.

A more logical procedure for joint core shear design, than the ACI 318-71
approach, can be recommended on the basis of the observed joint core behaviour.
It was observed that the shear carried by the concrete shear resisting
mechanisms reduced with cyclic loading, that central prestressing tendons in
the beam aided joint core shear transfer, and that the critical diagonal tension
crack ran from corner to corner of the joint core. Thus the design horizontal
shear force can be transferred by the sum of the shear carried by the concrete
(only when the mean column compressive stress exceeds O.lf', as given by Eq.
10) plus that carried by prestressing tendons in the middlg one-third of the
beam depth (Eq. 11) plus that carried by the horizontal shear reinforcement
crossing the corner to corner crack (Eq. 9).

It has also been reported previously that vertical reinforcement spaced
around the perimeter of the column section in the joint core acts also as shear
reinforcement, contributing to the truss action in the joint core which is
necessary to transfer much of the shear introduced by bond forces, and there
fore improves the joint core shear behaviour. A practical method of providing
this vertical shear reinforcement is to ensure that the longitudinal
reinforcement in the column is spread around the perimeter of the column, and
is not just placed at the corners of the section. The test units did not
contain intermediate column bars between the corner bars and it is considered
that had adequate vertical shear reinforcement been present, joint core shear
distress would not have occurred. This conclusion needs further testing to
check its validity.

The tests indicated the difficulty of preventing joint core distress
during severe seismic loading. However inelastic joint core deformation must
be regarded as undesirable because of the difficulty of subsequent repair of
joint cores and the possible collapse of the building due to loss of load
carrying capacity of the columns in the joint core region. Therefore the
formation of plastic hinges in the beams is to be preferred when severe seismic
loading is to be sustained.

Energy Dissipation

All units showed considerable energy dissipation once the maximum moment
capacities had been reached. AS expected, even after extensive inelastic
deformations had been enforced, the prestressed concrete beam showed

1939



1940

considerable deflection recovery. The ordinary reinforced member showed
greater energy dissipation than the partially prestressed member. However
comparisons between these specimens are difficult because the inelastic
deformations from some units came mainly from the beam plastic hinges, and in
others from the shear deformations of the joint cores.

Repairs made to a prestressed beam by replacing the damaged beam concrete
showed that it is possible to repair damaged members. Repairs to units with
extensive damage to joint cores would have been much more difficult if not
impossible to carry out, however.
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