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PREFACE 
The 89 papers contained in these two volumes constitute the proceedings 

of the International Symposium on Earthquake Structural Engineering, 
which was held in St. Louis, Missouri, and presented by the University of 
Missouri - Rolla. The symposium was endorsed by the American Society for 
Engineering Education; the St. Louis and Mid-Missouri sections of the 
American Society of Civil Engineers; and the Joint Committee on Tall 
Buildings established by the International Association for Bridge and 
Structural Engineering, the American Society of Civil Engineers, the 
American Institute of Architects, the American Institute of Planners, the 
International Federation for Housing and Planning, and the International 
Union of Architects. 

A large quantity of effective research has been put forth in the various 
areas of destructive earthquakes, seismicity, ground motions, earthquake 
instrumentation, earthqua~e zoning, and disaster prevention. In each, a 
tremendous amount of world-wide information has been accumulated that 
should be discussed and disseminated in specialized conferences, such as the 
one held in St. Louis, to provide for interaction and cooperation among 
researchers, educators, practitioners, and civil authorities in the field of 
earthquake structural engineering and to focus attention on structural design 
so as to minimize the distructive and killing effects of earthquakes. It is 
hoped that the presentations and discussions contained herein will contribute 
significantly toward this end. 

It is not possible here to thank each and every person who contributed 
toward the organization of the conference, but sincere appreciation is 
extended to the authors for their cooperation and contributions and to all the 
Technical Committee members and Session Chairmen for their untiring 
efforts. 

Special appreciation is expressed to the NSF for its partial financial 
support in publishing these proceedings. We are grateful for the assistance of 
Drs. S.c. Liu and J.B. Scalzi, Program Managers of Earthquake 
Engineering, Division of Advanced Environmental Research and Technology 
of the National Science Foundation, and for the encouragement and support 
of Drs. D. Thompson, Vice Chancellor, G.E. Lorey, Dean of Extension, and 
J. S. Johnson, Dean of School of Engineering, Prof. J.K. Roberts, Assist. Dean 
of School of Engineering, of the University of Missouri - Rolla. Last, but not 
least, the cooperation of the Planning Committee and University staff is 
acknowledged with thanks, and the skilled assistance of Mrs. Ann Mitchell 
and Margot Lewis in typing portions of the proceedings deserves special 
mention. 

Rolla, Missouri, August 1976 

v 

Franklin Y. Cheng 
Joseph H. Senne 
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The dynamic ground compliance of a random soil ground represented by the 
two-dimensional finite element model is, first, presented analytically, and 
evaluated numerically through the Monte Carlo simulation method. Using this 
random ground compliance. some discussions on the response characteristics 
of the soil-structure system to a white random excitation are developed. 

1. Introduction 

It has been recognized that the dynamic behavior of a building structure 
during earthquake is considerably affected by the formation and the property 
of the soil ground under the structure. In particular, the geological and 
topographical irregularities Or random inhomogeneities in the soil ground 
seem to have a tremendous effect on the characteristics of the earthquake 
ground motion and also on the associated structural damage of the building. 
The objective of this paper is to investigate the effect of the soil ground 
with such random inhomogeneities on the earthquake response of the elasto
plastic structure, concerning with the modeling method problem of the soil
structure interaction system to derive the reasonable results. 

First of all, the ensembles of the two dimensional finite element model 
are provided for the analysis of a random soil ground. an elastic modulus of 
which is presented as random variable with the prescribed spectral density 
in the space coordinate and simulated numerically by the Monte Carlo method, 
because it is difficult to obtain the analytical solution of dynamic re
sponses of a random medium without employing perturbation theory on the 
assumption that the fluctuation of random variables is to be very small. 

Secondly, the dynamic response characteristics of such an irregular 
visco-elastic medium with random properties are evaluated, in terms of the 
dynamic ground compliance. For the evaluation of the dynamic responses of 
a structure on such a random soil ground, it assumes that the mathematical 
model of a soil structure interaction system consists of a random visco
elastic medium, an elasto-plastic boundary soil layer underneath the above 
structure and a main structure with bi-linear hysteresis characteristics. 

Finally, the statistical response characteristics of the system sub-
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jected to a white random ground motion are investigated for the corre
sponding ensemble of the dynamic ground compliance. 

2. Dynamic Response of a Random Soil Ground 

If elastic moduli of a soil ground vary randomly in the space coordi
nates, the equation of wave motion seems to be a kind of nonlinear equation 
and it's solution may not be obtained through an analytical procedure except 
the case of a weakly random ~ediQ~, where the parameters contained in the 
equation of wave motion are approved to deviate only slightlY from their 
mean values. Then, the finite element method is provided for the analyses 
of soil medium with an any elastic random property in this paper. An each 
element of a finite element. model consists of homogeneous, isotropic solid, 
in which the stress vector (f is related to the strain vector [ based on 
the elastic theory in the form: 

<f = (l1D1f. (1) 

where matrix it) involves Young's modulus E and poisson's ratio)} = }\/2(A+}J). 
A and J-4 are Lame's elastic constants. Assembling the stiffness matrices of 

each element derived from eq. (1) to the whole stiffness matrix of a medium, 
the following fundamental equation of motion of the medium with the boundary 
conditions at the bottom divided into finite element is expressed by 

in which ml , CC and -fl are mass-, damping- and stiffness-matrix of a 
random medium, respectively; UI and IP denote the nodal displacement vector 
and the nodal force vector. Applying the Fourier transform to both sides of 
eg. (2), this equation yields to 

[ - 0.; ml + (j '7 ~o + I ) * ] QI = P (3) 

where, Ui (j 0.) C UJ (t) , \p (jO.) C IP (t) 
00- bw V =JL 1 == Vs L j = Fi 
-Vs ' S P b)J 

and w denotes circular frequency; Vs is shear wave velocity; Q o means a 
nondimensional frequency parameter; ~ is a nondimensional viscous damping 
coefficent and f' denotes the damping coefficent corresponding to shear 
modulus p , respectively. Supposing that only the stiffness matrix varies 
randomly, the matrix i may be expressed by 

~ = 0 * + I Jl. 4 * ij < () ~ ij (4) 

where, ,& denotes the deviation matrix from its mean matrix 0* Reordering 
the double s1.Ullllation over i and j of each element in -Ii to i or j , the 
matrix -k? is transformed to the vector -&' 

~'= 0 -i.} + I &' I * 'i < 0 R: i 
Normalizing the me~n vector 

t~= 11. +_ e-&' 
of! in eq. (5), the following equation is , 
Eiii <. ( 6) 

in which el' denotes the refractive index vector of a soil medium. Since 
the spatial variations of the refractive index in a soil medium lead to 
the amplitude and phase fluctuations of the resultant wave field, the wave 
motion U in eq. (3) may be expressed by - ~ ~ 

UI = 0 UI + I UI lUi .( < 0 U i. ( 7) 



EQ. (7) means the each element of the inhomogeneous medium becomes to be a 
source of the secondary scattered wave motion lUI under the primary wave 
motion oUt. From e<ls. (3), (4) and (7), oUi and ,Ui may be approximately 
represented as follows: 

o Ul = 0 UIR + J 0 Ulr iC'r 
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ul I UIR. + j I U1r 
-7l ~ 

- ~o lL ,~ r (8) 

where, IL = (- Q; ml + ~oo&) , ~o""j'l(lo1-
and eQs. (7) and (8) lead to the following eQuations 

UI = ( 0 UlR + ,Ulp" ) + j ( n urI + ,UtI) 

IL-' ( I - ~o l[',l ) iP 
From eq. (9), it is noted that the random inhomogeneity of a medium affects 
on both of the real and imaginary parts of the complex response vector Ui • 
By making use of e<l. (8) ,the dynamic ground compliance, defined as a ratio 
of the complex displacement amplitude of a rigid foundation on a medium to 
the harmonic force acting on the foundation is shown as: 

t . f := LUR,H(O,O)] + (oUl,H(O,O)) (10) 
IH + J zH I ~k L 3ft 

~ ( * ~ for a deterministic component in eQ. 8), where QQ~ and aUt are each 
element of the vector bU! respectively and 

f ' ·f' == {lUR,I-I(O,O)] + C,UI,H(O,O)) 
IH + J .2H 2: 3ft L: 9*- (11) 

.,.. -f<. 
for a random component in ell. (8), where ,UR and ,Ut. denote each element of 
the vector lUI and suffix H means the direction of the force acting on the 
foundation. Under the boundary stress condition, it is assumed that the 
exciting force acts uniformly upon the surface nodal points being into con
tact with a foundation mass, and the resultant force of the excitation is 
expres sed as it 3i in e<lS. (10) and (11). 

3. Solution of Linear Differential Equation with Random Coefficients 

The statistical analysis of the dynamic responses of a random soil 
medium represented by eq. (7) or (9) may be reduced to one of some problems 
interested to solve linear differential equations with random coefficients 
recently. The probability density function of the output involving the 
random variable is obtained from the fact that the e<luation of the state 
variable in the differential equations is satisfied with the Liouville's e
quation. The solution may be written as an analytical expression because 
the probability density function concerning with both of the initial condi
tions and the coefficents in the equation is given by the arbitrary form. 
Eq. (2) may be transformed into the equation of the state variables 

UI = Yl ( UI (t) , * (t)) t ) UI( 0 ) = Ulo 

Where, -l= &(IE,t) 

means a random coefficients process characterized by a random vector E . 
When the elastic properties of a soil medium are random variables only in 
space, eq. (13) is rewritten as ~= ~([). Assuming that the joint probability 
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density function P(UI,-il::; t) of UI(tJ and -jUt) exists with the known joint 
probability density funciton P.,(Ulo,~) P(UI,*; t) satisfies the 
Liouville's equation 

t ) + ~d( Pt UI i ~ t ) h~ 
i ;} U i 

p ( UI, k ; 0 ) = Po lUI", & 

where Uj and 
From eq. 

h j are the j -th element o~ U' and Ih 
(14), the following equation is 

p V·/h + t hl ;~i 0 

::; 0 

, respectively. 

(14) 

where \J·lh means the diVergence of vector III 
Lagrange system of eq. (14) is 

Consequently, the associated 

d t. _ d P _ d UI _ _ dUn 
-1-- - PIJ'H1- -h-I _ ........ -~ 

iwt. 
When the harmonic excitation ~~~~ acts on this system under the initial 
condition t~o ,the general transient solution may be written in the fol
lowing expression 

Ul t j Qo ; t } = f ( Ul o , ~ , j 0.0 ; t) (17) 

Then, the probability density function of the general solution uJ(t) is 
derived from the first equality of eq. (16) as following: 

P ( UI , ~ ; t) = Po (Ufo, -Ii ) ex p (- J~ IJ· i1 ( UI ~ {f ( U1o, ~ , j <t.; 7 ) J d 7 J (18) 

where, Ulo =; -ff'{ UI, ~ ,jao ; t) means the inverse function corresponding to eq. 
(17). Thus the mean value and the mean square value of the dynamic ground 
compliance are expressed by eq. (18). However, the probability density 
function may be solved in a few particular case, since the general solution 

UI(t) can not be generally obtained in a explicit form. 

4. Dynamic Response of an Elasto-Plastic Structural System on a Random 
Soil Medh.llll 

The dynamic ground compliance of a random soil medium is simulated by 
the following approximate transfer function derived from numerical values, 
till (W') + j tzfl(uJ') , for the case of horizontal excitation acting upon a rec

tangular foundation 

K II ($') = ~. £,'
1 + o<{;,' + O2 

b 01 ,5'+ Ch 

where s' ~ j fi.; Qo'..: bJf u)' 

w' is the angular frequenc~; 5' is the dens i ty of a soil medi lUll: band c. 
denote the half length of the rectangular foundation in the direction of ex
citation and that in the other direction, respectively: S' is complex par
ameter of Laplace transform. Then, the dynamic responses of a random medium 
are characterized by the random coefficents a" Q2 , Q3 , und Q4 substituted 
in eq. /19). In this paper, the above-ground structure bas the bi-linear 
hysteretic restoring characteristics represented by the equivalent stiffness 
)(e and the eqivalent damping de. t;hrough a statistical linearization technique. 



Ke(t):::: 
fo"'{ 2 ~ (I-Y"a) 2 -I( 2) ) 7E.(I-r,)(2-X)JX-/+-7L--X CO.:; I-X + r, Pxcx;t)dX 

J; k (l - r1 ) ( X - I ) P d x ; t ) J,x 

[X:l Px<x; t) dx. 
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(20) 

where Px (X; t) denotes the prooaoili ty dens i ty f\mction of peak amp Ii tude X ; 
~ is the stiffness ratio of the second stiffness to the first one in the 

bi-linear restoring characteristics. Then, the dimensionless fundamental e
Quation of the soil-structural system with respect to the moving coordinate 
is expressed in the Laplace transform 

[m' J:= [0 .. ; ..... 0 ] 
: mo ' 

o m~ 

[ Ie <:» J:= /(~ Kfi l ~S} HCo ( c:le .,.. KC), - K. uieS T 1<"",), ..•... 

- K.( de~"'l<e), 

- K. 

-K .. ·" K" 
l ~ l. (~ ~ ~ ~ J' 

A..l J = l :(5 , Xo , XI , . .. , Xn 

(21) 

(22) 

where S is the complex parameter of the Laplace transform associated with a 
dimensionless time 7. The independent and dependent variaoles and the in
homogeneous terms in the dimensionless fundamental eQuations with respect 
to Sand T are related to the original physical eQuations as follows: 

l ~ Ii- T tV 'Jij Q ~"' b fl1* 

ftl C -¥ 
0(;::::: A M -.-A..ii 

i(J ~ B 

- l XC: } (Xt\C T 

where, T is time; Xc, 'X." and x~ are the displacements of the i-th mass of 
the above-ground structure, of the foundation mass and of the elastic ground 
in the absolute coordinate, respectively; X~ is the displacement of an 
earthQuake excitation; A is the maximum amplitude of acceleration of excita
tion; M , K , ~ and B are the reference values of mass, stiffness, dis
placement and strength. And tpe mass ratio, ~~ , of the foundation to the 
elastic ground and the eQuivalent stiffness, Kj , of elastic ground are 
defined as follows: 

(24) 

For the representation of response of the interaction system in the freQuency 
domain, replacing .s~jo.l in eQ. (21), the spectral denSity matrix of the 
displacement response with respect to the relative coordinate is expressed by 

[0 5 11(<1») = hJ(jvn\[Vljunj* = So (JJ(CT<jvJ)ji<;r<j",)\tC11 T (25) 
-I I 

where { 4- lj w)} = (- w 4 [ rn' 1 + (K ej w) 1 ) (m l I 
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and en ;:;; 
. -I . 

o I 

~I ',' ......... 01 

{6- (j w) If denotes the transposed conjugate vector of f 6njw}! • 
of the power spectral density of a white random excitation. 
covariance matrix of relative displacement is represented by 

[0,/) = (Rl1(1")h;o= ----;;;:-" (oS,,{W»)d.w I ~"" 
2/~ -/>0 

(26) 

So is the level 
And the 

in which (Rv(I») is the auto-correlation function matrix of the relative 
displacement of the system. From eq. (21) , the standard deviations of the 
relative displacement of an elasto-plastic structure on a random soil medium 
can be evaluated corresponding to the random dynamic ground compliance. 

5. Numerical Results 

Since the solution of eq. (2) with random coefficients can not be deter
mined analytically, the Monte Carlo simulation method is used to evaluate 
the response of the random system. The method used here to generate random 
coefficents has been repressented by Shinozuka, which can make a stochastic 
process with any spectral density function. In this paper, the stiffness 
matrix is characterized by stochastic property, because Young's moduli of 
soil elements are treated as random variables with the mean values of 
Poisson! s ratio V;:;; 0.25 It may be more desirable to treat f:t two
demensional random process in itself, for a soil medium is represented as 
to two-dimensional finite element model. For simplicity, the random process 
with one-dimensional spectral density function is assumed here along either 
one horizontal or vertical direction as follows: 

N I I 

E (Z) ::; f2 L [ ..6 ( "ff<) J~ ) "2 GOS ( ~~ Z + 4>~ ), z = )(. y 
f<~J 

(28) 

where '*'* is a random phase angle distribution uniformly between 0 to z~. ~~ 
denotes the wave number with the upper bound l~ and the lower bound ~~ . 
4(~) is the prescribed spectral density function of Young's modulus along 
either direction in the form, 

.,0 (~);::: 30. -(. + 4- h 2~} ~2 De
2 

no2-"j2 )L+4h23:~2 10 (29) 

In eq. (29), ~E2 means the variance derived from the spectral density and 
ro is the wave number corresponding to the variation of modulus along the 

direction considered. h and To are a parameter describing the shape of 
the spectral density function and a normalizing factor. Thus, Table 1 
Shows the combination of the parameter ot and fo to characterize the 
random variable f(z) of Young's modulus. An ensemble with thirty samples 
is generated by eq- '(28) to ensure good convergence to the mean response. 

In Fig. 1, th~ mean values of the dynamic ground compliance f{ t,lt'" tl~ J 
and [I hit "t t~ j to the horizontal excitation acting on the foundation are 
presented for the variance eYE'" 0.05 with other parameters characterizing the 
random inhomogeneity of soil ground. The deviations from the compliance of 
a deterministic homogeneous medium are, at most, several percents, according 
to the variations of Young's modulus. To investigate the difference between 
the compliance of a random soil medium and that of a deterministic homogene
ous medium, the fluctuations E [f,~ /+11" I and EI t'-~/htl J represented by eqs. 
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(10) and (11) are shown in Figs. 2 to 5 according to the parameters of the 
spectral density of eq. (29). Figs. 2 and 3 indicate the fluctuations of 
the real and imaginary parts of the compliance for the Young's modulus 
process with variance (};;,2=: 0.0 \ and 0.05 simulated to the horizontal di
rection. In these figures, the mean values of the compliance for the case 
~o == 20 are greater than for the case 3~" 2.5 Then, it may be pointed out 

that there exists a relationship oetween the size of the random inhomogene
ity and the length of wave scattered ifi a random soil medium. 

Figs. 4 and 5 show the f'luctuations ef the compliance E{ t'H'/ tlHl and 
E/ t~H'/ht-il for Young's modulus process with the variance 6~ = 0.0 I and 0.05" 

simulated to the vertical direction. Comparing with Figs. 3 and 5. the wave 
~otion is apt to be scattered if the direction of the excitation coincides 
with that of the simulation of Young's modulus process. The wave motion is 
varied by the spatial variation of the stiffness in a random medium and the 
scattering of the wave motion grows up with the increase of path length in 
traveling wave, so that t4e energy itself supplied by the excitation acting 
on the foundation is not dispersed away from the exciting point where the 
dynamic ground compliance is evaluated. Therefore, the scattering effect on 
the dynamic ground compliance is mainly governed with the amount of energy 
back scattered to the foundation due to the random inhomogeneity. Then, it 
is necessary to explain the dependence between the fluctuation of the dynamic 
ground compliance and the variation of the refractive index. To find such 
the dependence theoretically, it is convenient to introduce the wave para-
meter 

D '" (30 ) 

defined as the ratio of the size of the first Fresnel zone to the scale of 
the inhomogeneity, where f is the wave transmission distance. The scattering 
depends essentially on the value of the parameter D· In eq. (30), ~ and 
a denote the wave number and the correlation length of the refractive index 
E~/ To explain the amplitude and phase fluctuations due to the random in-

homogeneity, the following two cases are considered, which correspond to the 
limi ting values of the wave parameter; D>'> \ and D(o(. \. The wave parameter 
Dk~zo = (42 -2' ) £ belongs obviously to the small-scale scattering region 
(D»I) in which the isotropic scattering occurs· As the wave length in 
this case is large compared with the scale of the inhomogeneity, the devia
tion of the refractive index E-f<' from its mean value has the different signs 
at the different points of the random medium. Therefore, all of the elemen
tary scattered waves do not arrive in phase at the foundation. They are 
partially interfared, and as a result the fluctuation grows up slowly with 
the increase of the distance i . Then, the dynamic ground compliance seems 
to be large as ;compared with that of non-random medium. On the other hand, 
the wave parameter D1J.=2..5':' (0.65" -O·3Z) Q. belongs to the large-scale scat
tering region (D«\) in the small distance. Since the dimension of the 
first Fresnel zone in this case is small compared with the scale of the 
random inhomogeneity, the deviation of the refractive index E~' from it's 
mean value has the same sign within the medium. Therefore, all waves scat
teredoy the different elements of the medium arrive at the foundation in 
phase, and the fluctuation increases rapidly with distance. A remarkable 
effect will be only produced by inhomogeneity which is concentrated within 
a cone with it's vertex at the foundation and with an aperture angle of the 
order ~a. The scattering in this case has a sharply directed character 
and most of the scattered energy is concentrated within a small angle ~a , 
so that the dynamic ground compliance seems to be small as compared vith 
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that of the non-random medium. 
Figs. 6 shows the amplitude fluctuations of the compliance for Young's 

modulus process simulated to the horizontal and vertical directions. Since 
the wave length becomes relatively small as compared with the correlation 
length of inhomogeneity with the increase of non-dimensional freQuency par
ameter ao,' it is apt to induce the large-scale scattering for a large value 
of Qo ' 

Fig. 7 shows the coefficients of variation for the compliance corre
sponding to Fig. 6. In this figure the coefficients for 30=2.5 are greater 
than thos e for ~o=- 2 0 . 

Figs. 8(a)-8(d) show the probability density distribution for the nat
ural fre~uencies of a random medium excited to the horizontal direction. 
The variational character presented in Fig. 7 is also pointed out in these 
figures. In Fig. 1. the effect of the variation of the natural fre~uency 
of a soil medium can be found in the part about Q.=/.6 

Furthermore, to evaluate the dynamic response of an elasto-plastic 
structure on a random soil ground, the following parameter is introduced. 

/\, = I Qs = ' Ws (31) 
IQS I (JJ9 

in which ,Q~ is the fundamental natural fre~uency_ of the above-ground 
structure with rigid base. and .Q j is that of a substructure consisting of 
a foundation and soil medium. The parameter ~ means the interaction effect 
of the substructure on the dynamic response of the above-ground structure. 
The fluctuations of the standard deviation of relative displacement of Whole 
interaction system with simplified structure of a single-degree-of-freedom 
system, boundary soil layer and random elastic medium are shown with respect 
to the parameters of: and ~ . 

In Fig. 9(a). the response of simplified structure decreases for a 
large value of ~o , where the isotropic scattering is induced. For a small 
value of 3~, however. the effect of the large-scale scattering makes the 
response increa~e. Fig. 9(b) shows the fluctuations of the standard deviation 
of the relative displacement of the soil-structure system with bi-linear 
hysteretic characteristics. The effect of the nonlinear characteristics, 
especially of the stiffness ratio of the second stiffness to the first one 
in restoring force upon the structural responses can be found in these 
figures. The fluctuations of elasto-plastic response of a main structure 
for A = 0.4 are similar to those for >.. = 1.2 because the degrading sti ffness 
and the hysteresis damping of the structure decrease the fundamental fre
~uency of a whole system. In the case of A =1.2 , the energy dissipation 
has little effect on the interaction so that the fluctuations of the 
structure seem to be almost flat along the parameter ~o Thus the fluctu-
ations of elastic and elasto-plastic responses of a main structure are 
scarcely affected by the direction of Young's modulus process simulated 
herein. 

5. Concluding Remarks 

In order to estimate earth~uake responses of a building structure, one 
shOuld not only take the dynamic properties of the structure but also those 
of the subsoil ground close to the structure into account. The vibrational 
characteristics of the structural system may De affected by the additional 
damping due to the energy radiated into the ground, the elongation of the 
fundamental natural period of a whole system. the resonant vibration of the 
structure surrounding the surface soil layer, and so forth. The dynamic 
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ground compliance may be considered as the suitable concept to explain the 
dynamics of the soil-structure interaction. In most of investigations 
related to the dynamic ground compliance, the soil medium has been supposed 
to be a homogeneous, isotropic solid. On the other hand, it is necessary to 
consider the earthquake structural response as a random process and to 
evaluate the anti-seismic safety of a structure from the stochastic point of 
view, since the earthquake response of a structural system may extremely 
involve irregular features. The influences o~ the randomness in the dynamic 
interaction of a soil-structure system on_the earthquake response character
istics have not been tried to make clean yet. 

Then, in this paper, the dynamic responses of a random soil medium are 
analyzed by the two-dimensional finite element model and also the elasto
plastic response characteristics of the random soil-structure interaction 
system are evaluated. From the results of these analyses, the following 
physical significances concerning with the scattering effect are derived: 

(1) The wave parameter D is very important to explain the relation 
between the random inhomogeneity of a soil medium and the property of 
elastic waves generateQ in such a medium. 

(2) The dependence of the variation of the refractive index characterizing 
a random soil medium on the fluctuation of the dynamic ground compliance is 
explained by virtue of the two limiting caseS of the wave parameter D>/ I 
and D« I In the case of a large value of wave parameter ( D»I) ,where 
the isotropic scattering is induced, the equivalent damping property due to 
the energy radiated into a random soil ground increases and the equivalent 
stiffness of a random soil medium decreases. On the other hand, in the case 
of small value of wave parameter (D« I) ,where the scattering has a 
sharply directed character, the e~uivalent damping property of random 
medium decreases and its eQuivalent stiffness increases. 

(3) Since the wave length scattered in a soil medium becomes large as com
pared with the correlation length of the random inhomogeneity for a large 
vaiue of ~o ,the low-path filtering characteristics are emphasized with 
decreasing the elastic response of an above-ground main structure. On the 
contrary, in the region of a small value of ~o , the elastic response 
characteristics of displacement have a trend to increase. 

(4) The hysteresis damping and the degrading stiffness of a main structure 
in the plastic deformation decrease considerably the fluctuations of the 
range of a small value of A 
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Table 1 Combination of parameters cr~ and SO and 
direction of random process simulated 

Variance of random 
process, '0 2 

E 

0.01 
0.01 
0.01 
0.01 
0.05 
0.05 
0.05 
0.05 

Dominant wave number 
of random process, ~O 

2.5 
2.5 

20.0 
20.0 
2.5 
2.5 

20.0 
20.0 

Direction of random 
process simulated 

vertical 
horizontal 
vertical 
horizontal 
vertical 
horizontal 
vertical 
horizontal 
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SOME DESIGN CONSIDERATIONS OF EARTHQUAKE 

RESISTANT REINFORCED CONCRETE SHEAR WALLS 
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Professor of Civil Engineering 
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Christchurch, New Zealand 

SUMMARY 

The possible failure modes in cantilever shear walls are 
examined, particularly from the point of view of energy dissi
pation capacity and the suitability of the mechanisms involved 
in earthquake resistant buildings. Design recommendations with 
respect to flexure, instability, diagonal tension and sliding 
shear are made. The introduction of concepts of energy dissi
pation by shear along a vertical fibre of a cantilever shear 
wall, leads to the examination of coupled shear walls. Using 
the evidence obtained from extensive tests it is shown that 
with the dispersal of and intelligent hierarchy in suitable 
energy dissipating mechanisms, achieved with relative ease in 
practice, coupled shear walls can be made to possess all the 
desirable features of an efficient earthquake resistant structure. 
To illustrate this a comparison between two coupled shear wall 
models, one with conventionally the other with diagonally rein
forced coupling beams, is made in terms of strength degradation 
and cumUlative energy absorption during progressive reversed 
cyclic loading. 

INTRODUCTION 

669 

The protection against damag~that reinforced concrete shear walls can 
offer in earthquake resistant buildings, is now well appreciated. The good 
performance of well designed shear walls was also evidenced during recent 
earthquakes. For lack of quantitative evidence many codes require, how
ever, that shear wall structures be designed for larger strength against 
lateral loads than ductile rigid jointed reinforced concrete frames with 
similar dynamic characteristics. This caution seems to stem from the 
belief that shear walls are inherently less ductile than frames and hence 
they can absorb only limited energy in the post-elastic range of behaviour. 
Thefact that, because of their greater stiffness, they give superior 
protection against damage of the non-structural components of a building, 
is beyond dispute. It is generally accepted that ductility with limited 
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degradation of strength and stiffness are essential prerequisites in 
structures, including shear walls, that are expected to survive large 
intensity reversed cyclic loading, such as would occur during severe 
seismic disturbances. 

In the following failure modes of reinforced concrete cantilever and 
coupled shear wall structures are discussed, particularly from the point of 
view of energy dissipation capacity. It is hoped that this qualitative 
rather than analytical examination of some seismic aspects of structural 
behaviour will assist designers in conceiving, proportioning and detailing 
shear walls that would have the promise of a desirable performance during 
large earthquakes. 

CANTILEVER SHEAR WALLS WITHOUT OPENINGS 

Most cantilever shear walls in multistorey buildings are slender 
enough to be treated as ordinary beams. There is no reason to suspect 
that in their behaviour such walls would disobey the familiar principles of 
reinforced concrete theory. Therefore the analogy to beams or beam
columns is appropriate. The performance of squat shear walls, which is 
not examined here, may be dominated by shear and hence they require special 
treatment. 

It is a prerequisite for any 0.uctile structure that its strength shall 
not be limited by insufficien.t anchorage of the reinforcement or by the 
instability of any of its components, including reinforcing bars subjected 
to extensive compressive yield strain. 

Fig. l.a shows a prototype cantilever shear wall in a multistorey 
building, subjected to gravity and lateral loading, and the corresponding 
critical actions at the base. In the following, the possible failure 
modes of this structure together with critical aspects of its behaviour 
are examined briefly. 

---V-.......... ---.. -----
ra) 

Fig. 1. 

Flexure 

(b) (c) (d) 

I--
I 
I 

~ 
) 

I 
I 
I 
I 
:,...~~....}-4 
I 

(e) 

Failure modes in a laterally loaded reinforced 
concrete cantilever shear wall 

Because of load reversals shear wall sections necessarily contain 
substantial compression reinforcement. Gravity loads commonly produce 



671 

only small axial stresses. Consequently the available curvature ductility 
at the critical section, shown in Fig. l.b, is usually ample. The duct
ility of the section is affected by the distribution of the reinforcement 
within the section. 4 Curvature ductility increases when the flanged shear 
wall sections are used. 4 If and when required, the concrete in the vicinity 
of maximum concrete strains may be confined and thus the ductility of a 
section may be further increased. Because the flexural failure mode in a 
cantilever shear wall, illustrated in Fig. l.b, is usually associated with 
adequate ductility every attempt must be made by the designer to force upon 
the structure this energy dissipating failure mechanism. 

Because of the repeated and reversed nature of the loading the flexural 
(vertical) reinforcement at the extreme fibres of wall section may be 
subjected to large tensile yielding. This implies that after load reversal 
considerable compression yielding must occur before a previously formed 
large crack can close and the concrete can again contribute to carrying 
compression. It is essential therefore that compression bars that could 
possibly yield be restrained against buckling. Near the extreme fibres of 
the section, where concrete strains may well be in excess of 0.003, it is 
advisable to disregard the contribution of the cover concrete, and to rely 
entirely on transverse ties to give lateral support to the compression bars. 
The spacing of such ties over the potential plastic hinge length should not 
exceed 6d

b
, where db is the diameter of the principal bar to be laterally 

supported. 3 

Instability of Shear Wall Sections 

The instability of a cantilever shear wall, as a structural member, 
will seldom need be considered in practice because the floors, which intro
duce the lateral load to the wall, will normally provide ample later"al 
support. However, because in shear wall structures relatively thin walled 
sections are common, some precaution must be taken to ensure that in the 
potential plastic hinge region the repeated and reversed full load can be 
sustained within the horizontal diaphragms (floors) that provide lateral 
support. 

A theoretical or experimental study of the "compactness" of shear wall 
sections has not been reported to the writer's knowledge. However, using 

t~.~3-------------lw------------~~~1 existing code
l 

requirements for 
2 ~ slender columns some crude but 

b conservative guides can be . ~·4 "" .... " " TO: "" 
, ..... 

~ ~ established to limit slenderness 
-1 in shear walls. It may be 20 - (e) 

I / _____ raj 

/ 
/ 

----
~/ 

0.0015 

0.0030 ~ 
// 

/ 

v/ 

Fig. 2. 

(0) CONCRETE COMPRESSION STRAIN 

Strain profiles,affecting 
the lateral stability of 
thin wall sections. 

conservatively stipulated that 
any part of a thin wall element, 
which may be subjected to large 
compression and which does not 
receive lateral support between 
floors, should be considered as 
an isolated column. Hence it 
is suggested that the thickness, 
b , of any part of a shear wall, 
two storeys or higher, in which 
the combination of flexure and 
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axial load can produce a compression strain of 0.0015 or more, should not 
be less than 1 /10, where 1 is the clear vertical distance between 
floors or otherueffective horYzontal lines of lateral support. For a 
rectangular wall section Fig. 2 indicates that for the strain profile Cal 
the shaded portion of the section would have to comply with the above 
requirements. Where the ductility of the section is to be enhanced by 
larger concrete strains, as shown by strain profile (b), the section 
extending to line 2 would need to comply. In this case substantial 
confining reinforcement would need to be provided between the extreme 
compression fibre and line 2. 

When the compressed area is relatively small, as is the case in an 
underreinforced wall section subjected to flexure, one may assume that 
adequate lateral support is provided by the adjacent lowly stressed parts 
of the section. Hence it is suggested that the above limitation need not 
apply to shear walls with rectangular cross sections if the compression 
strain specified (0.0015) occurs within a distance of 2b or 0.21 , 
whichever is less, from the extreme compression edge, where b i~ the 
thickness and I is the horizontal length of the wall. Strain profile 
(c) in Fig. 2 illustrates this situation. 

In articulated wall sections one part of the wall may provide some 
support to other parts and this benefit should be made use of. Consequent
ly it is suggested that in shear walls with other than a rectangUlar cross 
section the above limitations on the thickness, b , need not apply to 
fibres which are wi thin a distance of 3b from any vertical line of contin
uous lateral support, such as the inside of a corner formed by a wall 
return or a flange. Fig. 3 shows for two strain profiles parts of a 
flanged shear wall section where, according 
to these suggestions, the wall thickness 
could be less than I /10. The shaded 
area of the flange isuconsidered to be 
too far from the vertical line of lateral 
support and hence its width b' should 
be at least 1 /10. The bottom diagram 
in Fig. 3 show~ for the strain profile (1) 
the extent over which the wall thickness 
would need to be increased, so as to form 
a boundary element, if the wide flanges 
shown above cannot be provided. 
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Fig. 3. Parts of articulated wall 
sections to be considered 
for instability. 

Shear Strength 

It is now more generally recognized that the shear strength of tall 
shear walls can be assessed the same way as that of beams. The behaviour 
of short shear walls requires special considerations. 6 Shear failures 
are generally associated with limited ductility. When shear dominates 
the response of a shear wall the undesirable features of degrading stiff
ness and strength become distinct consequences of simulated seismic cyclic 
loading. Therefore every attempt must be made to suppress a shear 
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failure. 

In a cantilever shear wall a distinction must be made between the 
potential plastic hinge area and the remainder of the structure which, even 
though extensively cracked, is likely to remain in the elastic domain of 
response. Diagonal cracks are usually extensions of flexural cracks, as 
illustrated in Fig. l.b. Therefore the yielding of the flexural {vertical} 
reinforcement affects also the widening of the diagonal cracks. It is 
advisable therefore that over the length of the potential plastic hinge the 
contribution of all mechanisms to the shear strength, except that of the 'Web 
reinforcement, be neglected. This implies that in order to ensure a 
ductile flexural response the plastic hinge region must have sufficient 
(horizontal) stirrup reinforcement to carry below its yield strength level 
the entire shear force, shown as H in Fig. I.e, associated with the maxi
mum possible flexural strength of the shear wall. In the remainder of the 
cantilever shear wall the shear strength may be assumed to be the sum of 
the contributions of the concrete, V ,and that of the web reinforcement, 
V c 

s 

It is to be noted that for cantilever shear walls the code specified 
equivalent lateral static load does not necessarily give satisfactory 
protection against a shear failure when during a severe excitation the 
maximum flexural strength at the base is being developed. During certain 
combinations of the different modes of vibrations the centre of the lateral 
inertia forces, located with h in Fig. l.a, may be lower than that 
indicated by customary code pre¥cribed load patterns, such as an inverted 
triangular load. Consequently considerably larger shear forces may be 
generated when the moment capacity at the base is attained. It has been 
shown in case studies that for a number of standard ground motion inputs 
the ratio of shear forces induced during the combined higher mode responses 
to the shear force derived from statics and the base moment capacity 
increases with the fundamental period of the cantilever structure. 2 To 
guard against a shear failure under such circumstances the design shear 
envelope for the cantilever wall could be the shear force diagram, 
corresponding with a code specified static load, magnified by a factor, 
which will depend on the class of the building and the fundamental period 
of the structure. Values of 1.0 to 1.8 for this factor have been 
suggested2 for shear wall structures from one to 20 storeys. 

Sliding Shear 

There are two potential locations in cantileVer shear walls where a 
failure by sliding shear could occur. One is a horizontal construction 
joint which is sensitive to the quality and nature of surface preparation. 
The other is the plastic hinge zone, usually immediately above foundation 
level, where, because of the yielding of the flexural reinforcement in 
both faces and consequent residual strains, continuous cracks across the 
full depth of the shear wall section will Occur. 

The sliding along construction joints, illustrated in Fig. l.d, often 
observed in shear walls damaged by earthquakes; can be suppressed if, in 
accordance with the concepts of shear friction, adequate distributed 
vertical reinforcement is provided over the length of the wall to supply, 
together with the available gravity load, the necessary clamping force, 
N

f
. 7 The inelastic response of the mechanisms associated with sliding 
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shear indicates drastic loss of stiffness and strength with reversed cyclic 
loading. 6 Therefore sliding shear must be considered as being an unsuit
able energy dissipating mechanism in earthquake resistant structures. It 
is relatively easy to provide the necessary clamping force across construct
ion joints below yield strength level of the vertical wall reinforcement. 
The increased shear forces due to higher mode responses, as outlined in the 
previous section should, however, be considered. 

The possibility of sliding shear is much more serious in the plastic 
hinge zone where, as a result of reversed cyclic load and the ensuing 
residual plastic strains in the flexural reinforcement of the wall, large 
continuous cracks may form as shown in Fig. I.e. The interlock between 
two serrated faces of such a full depth crack is greatly diminished and if 
the axial compression across the section due to gravity loads is small, a 
sliding shear failure may occur across the precracked compression zone 
(see Fig. I.e) at nominal shear stresses well below values permitted by 
cOdes. l Shear transfer by dowel action of the vertical reinforcement is 
mobilized only after a substantial slip, shown by ~ in Fig. I.e, has 
occurred. A particularly severe situation can arise fn wide flanged shear 
walls when the neutral axis of the section, at the development of the full 
flexural capacity, is in or near the flange. Under such circumstances 
the previously cracked compression area, over which the major part of the 
shear force must be transmitted, is very small and consequently the inter
face shear stress can become excessive. Extensive related experimental 
work, currently carried out at the laboratories of the Portland Cement 
Association at Skokie, is likely to contribute significantly to the under
standing of the phenomenon. 

COUPLED SHEAR WALLS 

Concepts of Behaviour 

In a homogeneous, isotropic cantilever beam the maximum shear stresses, 
which may be critical, will be induced along the fibre of the neutral axis. 
If this critical shear fibre, or some other fibres nearby, are potentially 
weak, as may be the case in precast panel construction, a sliding shear 
failure along the fibre, as illustrated in Fig. 4.a, is a possibility. 

T T 
(aJ (bJ 

T 

(C) 
Fig. 4. Laterally loaded coupled shear walls. 
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However, if this failure mechanism could be made to be ductile and also 
to possess good energy dissipating properties under reversed cyclic loadlig, 
then it could be used as a viable component of the total load resisting 
system when shaking of extreme intensity is to be survived. By assuming 
that such a ductile shear transfer mechanism can be constructed, the 
previously discussed cantilever shear walls could be transformed into 
coupled shear walls, illustrated in Fig. 4.b. It is Seen that the total 
over-turning moment, produced by the external lateral load, is now resist
ed by flexure in each of the two cantilever walls, Ml and M

2
, and by 

the axial force, T , in each of the walls, which operates on an internal 
lever arm 1. The axial force, T , is simply the sum of the shearing forces 
across the continuous coupling system. The elastic analysis of this model 
structure has been the subject of numerous studies over the last two 
decades. 

The potential of this structure, as an efficient earthquake resistant 
construction, would stem from its ability to dissipate energy, when 
required, within this shear transfer (coupling) system over its full height. 
This would be in addition to the energy dissipated in the plastic hinge 
that would be expected to form eventually at the base of each wall. The 
behaviour of the coupled walls would be similar to that of cantilevers, 
discussed in the previous sections, except that the effect of the axial 
force, T , would have to be also considered. 

with an intelligent selection of relative stiffness and strength 
properties it is possible to reinforce the various components in such a 
way that under continuously increasing lateral static loading the 
strength of the coupling system is developed before the onset of yielding 
at the base of the walls. This would imply that considerable energy 
could be dissipated by the coupling system, involving yielding and con
sequent damage, before damage and permanent misalignment of the coupled 
walls would occur. Under catastrophic conditions the major part of the 
total energy to be dissipated could be derived from the coupling system, 
thus reducing the ductility demand at the wall hinges. 

In comparison with cantilever walls coupled shear walls offer more 
than one line of defence when energy dissipation is required. The wider 
dispersal of energy dissipating devices is likely to result in improved 
structural damage control. When a coupling system with a reasonable 
stiffness is chosen, which is relatively easy to achieve in practice, the 
reduction of the stiffness of the coupled shear wall structure, in compar
ison with a cantilever wall with the same overall dimensions, is insignifi
cant. Consequently the protection against damage of the non-structural 
components of the building within the elastic response of the coupled shear 
walls can still be assured. 

It appears that a deliberate introduction of a weakness to a canti
lever shear wall in the form of a ductile shear fibre, as shown in Fig. 
4.a, or its equivalent, illustrated in Fig. 4.b, may result in a structure 
which possesses the features that are so desirable in earthquake resistant 
construction, i.e. adequate stiffness to give overall damage control 
during moderate disturbances and ample ductility and energy dissipating 
ability for the catastrophic situation. For obvious reasons, the coup
ling system, which normally is an insignificant component when gravity 
loads are considered, lends itself much better for repair than cantilever 
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walls. 

Observed Behaviour 

In real coupled shear wall structures the shear transfer from one wall 
to another is afforded by discrete beams, formed between window or door 
openings, arranged in one or more rows as shown in Fig. 4.c. In some cases 
functional requirements will determine the depth of these coupling beams, 
in others some freedom of choice will exist. Naturally the stiffer the 
coupling system becomes rfe more efficient will shear transfer be. Sensi
tivity studies indicated that it is pointless to increase deliberately 
the beam depth beyond a certain limit because very little additional over-
all stiffness is gained. However, for efficient coupling it is suggested 
that at the development of full strength of the coupled shear wall struct
ure, such as shown in Fig. 4.c, at least two thirds of the overturning 
moment at the base be resisted by the IT component of the internal moment 
of resistance. This will ensure that energy dissipation in the coupling 
system, when required, will be very substantial. It is therefore advantag
eous to utilize the full depth allowed by architectural requirements. 

When the coupling is efficient relatively deep beams with large 
potential flexural capacity will be used. However, the development of the 
flexural strength is often associated with shear forces that could be large 
enough to destroy the beam in a brittle manner. Extensive tests, carried 

Fig. 5. Diagonally reinforced 
coupling beams. 

out at the university of canterbury, 
have shown that adequate ductility 
can not be extracted from such 
beams unless the maximum nominal 
shear stress developed is small. It 
is always possible to suppress 
diagonal tension failures, which 
have been repeatedly observed in 
buildings damaged by earthquakes. 
However, under reversed cyclic 
loading, involving desirable member 
ductilities for coupling beams, a 
sliding shear, similar to that 
previously described for cantilever 
walls, will normally occur. S As 
stirrups are not involved in the 
Sliding mechanisms increased amounts 
of stirrup reinforcement will not 
prevent a sliding failure. 

To overcome this difficulty beams 
were studied in which the convent
ional flexural reinforcement, con
sisting of horizontal bars running 
continuously in the top and the 
bottom of the beam, were omitted. 
Instead two bundles of diagonal bars 
of the type shown in Fig. 5 were 
used. 9 All other reinforcement 
placed in these beams serves only 
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secondary purposes. It may be shown from first principles that this 
system satisfies the requirements of statics simultaneously for moments and 
shear imposed on the beam by lateral load on the structure. With cyclic 
loading, involving yielding of the diagonal steel, the internal forces are 
gradually transferred entirely to the reinforcement. It is therefore not 
surprising that very large ductilities, similar to those observed in steel 
beams, could be obtained in tests. Secondary design considerations of 
such beams have been reported elsewhere. 6 ,9. 

To verify the contribution of conventionally and diagonally reinforced 
coupling beams to the overall elasto-plastic response of coupled shear 
walls, two one quarter full size seven storey reinforced concrete coupled 
shear wall models were constructed, instrumented and tested under simulated 
cyclic loading. The current code requirements in New Zealand are such that 
a shear wall structure of this type is expected to be able to sustain a 
load which would cause a lateral displacement, usually measured at roof 
level, at least 4 times as much as the displacement at yield. Moreover, 
the load, when applied in this manner at least four times in each direction, 
must not diminish by more than 20%. Briefly, a displacement ductility of 4 
must be sustained at least 4 times in each direction with a strength loss 
not exceeding 20%. The tests were carried out in such a way that the 
cumulative dUctility, imposed during progressive and increasingly severe 
loadings, was at least 16 (i.e. 4 x 4) in each direction of the load appli
cation. Only the highlights of the results, most relevant to the design 
of coupled shear walls, are presented here. Details of the study may be 
obtained from other reports. 6 ,9,IO,11 

The reinforcing details for Shear Wall A, with conventionally rein
forced coupling beams and the corresponding details for Shear Wall B, with 
diagonally reinforced beams, together with the crack pattern of both speci
mens at the completion of the tests, are presented in Fig. 6. The massive 
base block enabled the shear wall models to be attached to a steel frame in 
order to develop the overturning moments generated by three approximately 
equal lateral point loads applied at the 3rd, 5th and 7th floor levels. 
Floor slabs were not simulated but provision was made for both, the 
prevention of lateral instability and the introduction of an equivalent 
gravity load. 

It is evident from Fig. 6 that at the end of the test all coupling 
beams of Shear Wall A failed at one or both ends by sliding shear. The 
crack pattern in the beams of Shear Wall B on the other hand show consider
ably less distress in spite of large imposed lateral displacements which 
corresponded with a displacement ductility factor, ~, of more than 10. 

Because of strain hardening of the Grade 40 reinforcement both walls 
developed a total lateral load capacity, P ,which exceeded by up to 20% 
the theoretical load capacity, P* , based gn the observed strength proper
ties of the steel and the concre~e. Fig. 7 shows that with progressive 
loading, as measured by the cumulative displacement ductility, the 
strength, P I of Wall A was gradually reducing. However, no significant 
strength lo~s was observed in Wall B in spite of the severe loading 
sequence which imposed a cumulative ductility of approximately 32 (i.e. 
2 x 16) in both directions. Fig. 7 thus shows the excellent performance 
of the coupled shear wall model with diagonally reinforced beams in terms 
of the repeatedly sustained ultimate load, Pu • 
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(1tiO.1cm) 

Shear Wall A Shear Wall B 

Fig. 6. Reinforcing details and crack patterns of two model coupled 
shear walls subjected to simulated seismic loading. 
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Fig. 7. A comparison of the load sustained with imposed 
cumulative ductility in two coupled shear walls. 
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From the load-displacement 
relationship observed for each of 
the two models the energy absorbed 
in each half load cycle, i.e. the 
area of each hysterisis loop, was 
determined. The total energy 
absorbed during the test, as the 
cyclic loading progressed was then 
plotted against the cumulative 
displacement ductility. Fig. 8, 
which presents these results, shows 
the superior performance of Wall B. 
For the same imposed cumulative 
ductility during the similar load 
history Wall B absorbed about twice 
as much energy as Wall A. Fig. 8. A comparison of the 

cumulative energy absorbed 
with imposed cumulative 
ductility in two coupled 
shear walls. 

Fig. 5 shows the reinforcing 
details of the coupling beams of a 
coupled shear wall structure which 
has been designed in accordance with 
the above principles, and which has been completed recently in New Zealand. 

CONCLUSIONS 

The most likely failure modes of reinforced concrete cantilever shear 
walls, that could occur during very severe seismic disturbance, were dis
cussed. It was emphasized that in order to obtain sufficient ductility 
and ability to dissipate energy during postelastic deformation in shear 
walls all failure modes but flexure must be suppressed by the designer. 

Suggestions were made for dimensional limitations of shear wall 
sections in order to ensure that instability will not intervene with the 
repeated development of the full flexural capacity. Further research is 
required to substantiate and to improve on these intuitive guides. 

No special treatment is proposed for the assessment of the shear 
(diagonal tension) strength of tall shear walls. However, it is suggested 
that in the potential plastic hinge zone the full base shear, associated 
with the maximum possible flexural capacity of the wall, be resisted by 
shear reinforcement only. Some account should be made for shear forces 
generated during the higher modes of dynamic response. 

Attention must be paid to horizontal construction joints to prevent 
premature sliding shear failures, which do not possess adequate energy 
dissipating capacity. 

When the nominal shear stress across the critical base section is 
large and the axial compression of the cantilever shear wall is relatively 
small a sliding shear failure after cyclic reversed load along a full 
depth crack is a distinct possibility. 

By discussing the features of the behaviour of coupled shear walls it 
is shown that energy dissipation can be dispersed in such structures, 
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Moreover, with a suitable selection of stiffness and strength properties 
it is possible to ensure that the coupling system will yield before the 
coupled walls, and that a considerable part of the total energy could be 
dissipated in the coupling beams. These are advantages which cantilever 
shear walls do not possess. 

The strength degradation and the energy absorption capacity of two 
quarter full size reinforced concrete model shear walls, subjected to 
reversed cyclic loading, are compared. It is shown that coupled shear 
walls with diagonally reinforced coupling beams, when suitably proportioned 
and detailed, can be made to possess all the desirable features of an 
efficient earthquake resistant structure. 
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The paper deals with some problems of earthquake resis
tance of structures with suspended masses.It provides the re
sults obtained in studies of linear and nonlinear vibrations 
of structures with suspended masses under a horizontal seis
mic ef'f'ect which is assumed in a f'orm of' a random process.ln 
a linear analysis of the dynamic response of' the systems the 
energy dissipation process is considered according to the com 
plex hypothesis of damping. Studies of steady and transfer sta 
tes 01' vi.brations of frameworks with suspension masses are gi
ven wi~n the appl~cation of the correlation theory. The statis
tical analysis is done according to the characteristics of the 
dynamic factor obtained by a computer for different versions 
of constructive designs. When considering nonlinear problems 
of the system vibrations,there were studied equations with vi
scous damping and with a nonlinear-elastic diagram of a soft 
type approximated by a cubic parabola. Differential equations 
are solved by means of the statistica.l linearization method. 

INTRODU C'rION 
The idea of developing a principally new system of a con

struction with suspende£ §toreys was first put forward for ci
vil buildings in the 20 e this century in the USA and Germa
ny,but it has not been used widely in practice. Over recent ten 
years the a'l,tention has again beendrawn to it and nowadays in 
many countries dozens of such buildings are being designed and 
built.Similar constructive designs of apartment blocks have 
been developed at a number of institutes of our country. 

Structures with suspended storeys and suspended technolo
gical equipmen~ ~or industrial buildings was first proposed 
here in the 60 e .'l'he suggestion was to transf'er some techno
logical loads located in upper floors to suspensions or sus
pended floors.lndeed,multi-storey industrial buildings are,as 
a rule,subjected to significant loads due to equipment and 

Preceding page blank 
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weights.During an earthquake these weights set up additional 
seismic forces to withstand which the structures should be de 
signed.If to transfer these loads to suspensions or suspended 
floors, then horizontal seismic forces can be significantly re 
duced. 

The applocation of structures with suspended masses in 
industrial construction is manyfold.At present suspended heat 
aggregates are widely used.In framed buildings of a height up 
to 120m on a multitude of suspensions geat aggregates of 10 
to 100 thousand tons are located. Structures of such buildings 
can be resolved to a diagram shown in Fig.1.In cellulose-pa
per industry on top floors of buildings heavy equipment is si 
tuated which can be placed on suspended floors(Fig.2).In some 
branches of non-ferrous metallurgy the placing of heavy mass
es on elastic hangers in necessitated technologically.E.g.,in 
constructions for mechanical treatment of minerals bins for 
ore and hoppers with heavy masses are placed on elastic han
gersoAdiagram of such a construction is given in Fig.3.0on
structions in which equipment and loads 
can be placed on separate suspended plat 
forms can be resolved to the diagram in 
Fig.4.To simelar diagrams some construc
tive designs of residential and public 
buildings are resolved.As an example of 
such a constructive design can serve the 
design of a hostel for students devised 
in France.Three steel frames connected 
by longitudinal rafters to which living 
blocks are suspended(Fig.5)form the load 
bearing structure of that building.Diag-
rams in Fig.1-5 can also be used for dif 
ferent constructive solutions of suspen- ff,~ 
ded roofs in industrial buildings and ev 
en of suspended buildings ,which designs 
are suggested by some countries. 

I 

Fig.1 

The present paper discusses some problems of studying 
structures with suspended masses under horizontal seismic 
seismic effects. 

The seismic effect is of a random nature,making,in fact 
impossible the presenta tion of exciting vibrations in a for 
m of a determinate function.Due to the heterogeneity of star 
ting seismological date and difficulties in reflecting the 
diversity of the seismic process in a single universal model 
various realization exist.In many works the model of the sei 
smie motion pf the ground was presented as a succession of 
uncorrelated impulses.To evaluate maximum values of the seis 
mic response "white noise" is often used as a model of the 
seismic effect.There have been developed methods to design 
structures for seismic effects presented in the form of an 
unsteady random process. 



DesiGn of structures cc:n be rather 
less laborous if to pref3ent the ground 
,?ccceleration as a steady rondom process. 
In /1/ Barstein M.F .. proposed to consi
der the ground acceleration X (t) as a 
~~teady random process F (t) , and 0 to consi
d.er tho process of an elastic system in 
a transit state at zero initial conditi 

X (t)= 1 F(t) at t=O 
o 0 at t <.0 

ons. 

.iith such a presentation the output of 
the system will be an unsteady process 
'l\he Sut5bestion ';/as then termed in lite 
rature as a "h;y-pothesis of steadiness 
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Fig.2 
of the seismic effecttl.The author of the hypothesis of steadi
n. css of the seismic process selected for statisticm
ing a series of accelogrilllls of strong 
[,arthquakes regarding that such acce- fTl lAl 
lograms provide larger seismic forces . 
as compared to rapidly attenuating !J 
on8S .l!'or them were built up normalized Fig 3 "'";" . 4 
correlated functions which are well ap .. .L lb· 
IJroxirlw.ted by typical analytica,l expressions of correlation 
functi ions 0 I< (t':'-) -cx.1 tC I ~~ 

C = e -COS c 
H 

rphe par8lIleters of this function 
c<. and fo characterize respec·r)jvc-

ly the correlation time and prtvaili 
ng freQuencies of seismic ground mo
tions. 

In studying the problems of ear 
thQuake resistanse of frameworks 
with suspended masses there was used 
the model of a steady seismic effect 
with the normal distribution law 
with probabilistic characteristics 
(X =7 r/s j3 ==18 I/s 

It is assumed that dynamic de
sign models of constructions corres 
pond to discrete systems with mass
es concentrated at the floor levelS. 
Vibrations of systemswith suspended 
masses are regarded on the example 
of a single-storey framework with 
one or a few loadsoHere the simplest 
dynllinic model is a system with two 
degrees of freedom~lt is supposed that the suspended loads 
perform translatory motion and they can be regarded as pendu
lums.The diagram of such a construction is shown in Fig.6 and 
Figo'7gives its dynamic design scheme.It is supposed that vib. 
ration amplitudes of the frameworks are low and those of sus-
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pendedloads are finite. 'l'he structure under consideration is 
taken in a moving system of coordinates(x,~~~that moves pro
gressively as regards the inertial axis (X,V.This motion is 
determined by the horizontal component of the seismic effect 
!to (t ). 

The process of energy dissipation influences considerably 
the pattern of the system motion. When analysJ.ng linearly the 
dynamic response of frameworks E.S.Sorokin's complex hypothe
sis is used in the paper. According to this hy
pothesis damping intensity depends linearly up 
on the value of deformation and elastic resto
ring force,and as for the ph0se it is shifted 
wi~h re53pect of the vector of deformation by 
90 ('U+LV)~4X~ }'or resistance forces in hin
get>' of suspensions Kelvin-Voigt's hypothesis 

0, ,0, on 
, 
, 

~. . . 
Fig.6 

of viscous friction is used,according to which the moment of 
resistance forces is propor~t~onal to the angular velocity of 
the pendulum movement( Mc= o"BII. ). 

where 

Mtot 

where 
d w~ mktk _ mk 

'lk = Ck k'=' M - -u-g . let t·ltot· 

rl'he values u and v are related to fY 

the 

(1 ) 

t2) 

(3) 

(4) 

the c~ficient of non-elastic resistan I _-$~~~~~~~~r =--
ce ~= 91 by -the relationships tl= t~ }: , ~ x 

V= 4
4lr;"- where 8 is the logarith

mic decrement of vibra-tions. Fig.7 
Investi8ations of vibrations of framed systemsare started 

with the determination of the spectrum of natural frequencies 
of vibrations of a structure with one and 11 II suspended loads. 
Equations of free vibrations are solved by analytical and gra
phical methods.i~xpressions are obtained f'or determining exact 
(formula 5) and approximate (formula 6) values of coupled fre
quenci e s of the sy stem Vr-:l~· b""I:;;-'""ac:::!.t-=;i~0i'n=:::s,----:----,-_---:--;;-......"... 

1.\2 = (S1;+ w:> ± H Q~+ w!}2._ ld1-'Z.)Q~6.):· . 
...... 4.2 Q (1 "l)' (5) 
(;)2.= .Q~ _ k. .. 

1-tz i Mtot(1-OZ;~)' (6) 
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If the framework carries a few suspended loads,the appro
ximate value of the highest frequency of coupled vibrations 
can be determined by the following expression 

W2 = -.R!~ = k~"~ ('7) 
~ - h'Z-n Mt.ot C1-21°Zk) 

By means of expression (7) approximate values of coupled 
freQuencies of the system vibration further required for obta
ining the values of seismic loads can be found~ 

Fig.8 shows the graphical solution 
of equations of" free vibrations of a- sy 
stem with four suspended loads olrhe absc 
issas of points 01" intersection of the 
stra:i,ghtl.ines 'tLi. with the curves. 'Y--a de
termine the values of roots of coupled 
frequencies of vibration(w) of the who 
Ie system.It follows from the graph 

Figob 

that the highest frequency of the sys
tem vibration with suspended loads,e.g. 
(w )is always greater than the vibra
tioh frequency of the framework( Q-j. ) with 
floors o 

loads resting on the 

Steady and tr31lsit states of induced vibrations of a sin
gle-storey framework with one suspended load have been studied 
Iro find the variance of the output ( 6~ ) of the steady process 
of vibrations of the dynamic system in question the knovm for
mulas of the correlation theory wore used. Omitting elementary 
cB_lculations, the expression for determining the variEU1ce of 
the system out~lUt is given J ~ w 1 .,1 (2. l!)d 

6 2 - 20(0 (0) r- Ll - .b't K w""' w"J' W + m w 
'X - 2!71 _~ Hw'l+ U Sl~+ t~~ t'~~l~(v.Q~?J.(c.>Il+ 2(X U)'"+ mit) (0) 

whereB(O)is the variance of the acc~eration x (t) 
2. 2. Q 

Qcx:= W'4-ia~~ m4 is the spectral density i)t) 
C{ =7 I/s, f.> =18 lis, ml!=c:l..2.+f3'l.; a=ct~-J32.(9) 

Let I s ascertain the values W k and "tIC entering formula(d) 
and determining the dynamic parameters of suspended loads 
'Nhich can be encountered !Ln practice. 

From formula(2) it follows that W?-t .Following the 
constructive opportunities 'for designof'suspensions,their len
gth should evidently be e/(~1m what corresponds to the upper bo 
und of frequencies ~k= 3, -t2!i • 

The value "'~ is determined by expression (4). If the sus
pended load is reGarded as concentrated, then it is alwo..;y'J 
~/(='ff!!:-~ 1.'rhe m~ntion~d, rest.r;'ictionsNere usod in the selection 
of aes1sn verSlons of uynmnlc systems 

Cae of the ;,lain characteristics of vibrc,_cioll of structu
res is tIle dynamic factor which is the ratio of the dynalllic de 
flection to the static one. /l1he root mean square value of the 
dynamiC factor f. (t) is oqual to 
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<~~tt~=g;(t) (10) 
wl}ere6s~= WOks the root mean squaf.~ value of the static deflec-
tlon. Of 

Ua- 1 [( %+ LlJ +~(~ + lJ.~)~ (1+ vJ"; 

~= ~~ [-(1+ uJ 1-~(1 + u~)~ (i+ Vt)1 
U,- ~1[ (~-u.l +~1-USf- (~-vJl; 

1. [ (ex ) I /1. a. )2. (f) )'2.'J . V3= 2" - 2- Ui +-~\2- u. + Q-Vi , 
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From the above formulas by means of a computer values of 
the dynamic factor C, were calculated which areplot-ced in dia
grams of Fig.9 and 10 for different values of 't~ , (...)-1 , v do
pending on Q~ .'rhe value v=O,1is for reinforced concrete struc
tures,8JJ.dv=O.Ohs for steel ones" 

rJ.1heprocess~llgof the results of calculations has shown 
that the values of the dynamic factor for frequency magnitudes 
0.1 <w,< 2.5 and 10<w<;:15 l/s change very little"Therefore 
in figure 9 and 10 values ~for these frequencies are combined 

For the convenience of use the calculation 
determination of values of seismic loads ;' 
1<'ig.9 and 10 present corrected diagrams 
of the dynamic factor for characteristic 
frequenciesWoof practical value.1J.1he sha 
ded-dotted line shows the plots of the 
dynamic factor adopted in the Code,and 
the dotted line gives the same for cases 
when suspended loads are rigidly connec
ted with the floor of the framework.As 
the estimations have Shown tne standard ('I'·' Coo 

of the dynamic factor depends very lit- '~ 

~~! ~!:!~;~~~;~~;~~t~~~;~!it~:~!;~: ::~:'. 
structlve deslgns of suspenslonso I~ 

results in t.he 
: ~ 

Fig.9 

~ • ~Q~ 

\_o,1 
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formations. 

Omitting transformations and some 
mathematical calculations,the expressi 
on for mean root square value of the 
dynrunic coefficient,by which the calcu 
lations on the computer were done for 
different magni'tudes of the system IS 

parameters can be written as: 

E,'itr Q2d.::n!r.il))eP,tI2(~\m~d~ . 
-<» 5-1 ~ ~ ~ (w+-2ow+--m ) (18) 

Integral (10) was calculated with a 
time step of 0.2 and 0.'1 s.Fig 11 pro
vides plots of the dynamic factor for 
dif'ferent values of.Q~ and (..)4 ( ~i =0" 2 
and 0. =0~1) .For compari:c:;on are giv:en 
also the plots of the dynamic f'actor 
in case the suspended loads are con
sidered -(;0 be rigidly connected with 
the frruJlework('L~: 0 ,w'1 =0). 

t(ceJ<) 
t ~ ;) ~ j 6' I ~ 9 to 

1.," 0.2.; Q1- lIJ I/w :" ~,·"1:2 1!~ef<,. ]1,,'" O.oo~ .... O,()l (tJce"/:) 

1 1 3 l,- 5 6 1 B 9 10 

1.,-1).2; Q,·),14 f/ce", 1J,-t57t/W(, ~,,,o,oO~"'O,O!(fjrfK) 

:B'ig .11 

DEBIGN VALUE OF SEISMIC LOAD FOR THE 
Ii'HAI'{illWOHK. VIBRATION AMPLITUDES OF SUSPKND~D LOADS. 

l'11e design value of the seismic load for a single-storey 
framework with one suspended load S=t.(t)Mtot}de~ 

Here ~(t) -the dynamic f-actor in the transit state; (19) 

Mtot -the full mass of the system; 

Jdes -the design value of seismic acceleration for the 
given region o 

jdes- Rx.~B(O) 
It. is the m,imber of standards. 

Xo 

'l'he design valu.e of seismic acceleration is expressed 
through -the seismic factor. Kt H,. VB{O) ~ 2-

icJes=·>to i 9-= Hcg" B(O) = Rc9-. (20) 
'J'h8 values B(O) assumed for calculations are close to the 

vuriance of' the gl'oWld acceleration obtained in the processing 
of accelelograms of earthquakes of dit't'i::;rent intensi ty/6/. 

The maximum value of the standara of the dynamic factor 
[t, (t)] in the transit state is 1.4 times as large as ~ :for 

the s(;cady proccss(see Plol~h)n l:tf?,10,11). 
'l'hen the seiSl!lic i'orce fOt' a single-st;orey 1"ramework will 

be I detined by 

where 
(21 ) 

0.. -the total weie;ht(the weight of all structures and 
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suspended load); t, - the stanciard of tile dynamic fetc-:.:;or 
which is found from the plots in Fig.9 and 10 in terms of the 
period of natural vibrations" T" and the fabric of load-bear
ing structureso 

If to take into account that the dy-n3111ic factor ~ does 
not depend on the value W .. within the r2Jlge of Oo1<(J~'205 I/s. 
then, following the procedure of standard docwucnts the follow
ing formula can be obtained for the seismic force 

s= ~tot (~-tt,.) f\c1,4 E,.= (P/Q)H-rz)Ke i,4t= p~ Ke ~,4f, (22) 
where 8 -the \' eight of the construction( wi thout the suspen

ded load); 
Q .. -the weight of the suspended load j 

C, -the dynamic factor calculated by formula (12). 

'1'11e value t is determined in terms of the frequency of 
natural vibration n: which is equal to 

(1*2 _ n: _ K~ 9:: KA g,.. (') J) 
::a~.-i - ~-'tf - (~+[~)(1-'"t.) ~ ~ 

where ~I -the total rigidity of posts of the frameworko 

If the frar:l<~work carries n. suspended loadsandO,1<W.t205 
l/s ( K = 1,2, . .. n ), then the seismic force will be equal to 

S = ~to .. (1-ti ~It) \{c'j,4E.= (p.+ t~Q,,)lt-~ ~)){c -f,4~= ~~~1,4 ~ 
.'it (24) 

C!:lhe frequency Q-! is determined by the expression 
*-~ )(,1} - ~ 

Q i - (8+ ttll<){{-ttz;k) - . P1 u 

As can be seen 1'romi formulas (22) and (24-) in the in- (25) 
dicated fre quency range the value of the seismic force does 
not depend upon thl:) weight of the suspended load. 

Wnen designing constructions with suspended loads it is 
also necessary to fu:lOW the amplitudes of their deviations in 
order to avoid drunages of outs.ide and inside structures and 
equipL:wnt .Il'herefore oaps should be left providints for free 
sVlin;.;ing of suspended loads.This task can be solved only in 
case the maximum amplitudes of their vibrations are known be
forehand. 

(26) 

in the lower one Q 
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Using tables of integrals/2,5/ and performing simple cal
culations,one arrives at: < lI'~>= B(O)u 2..Q*'i!1 

where ~ = o..M G 
Ii (106 s 

If to assume the 
of the fmsyended load 
for small angles 84, it 
amplitude of the load 

and the variance 

II( i 9 
(27) 

length of the arc over which the centre 
moves,being equal to the amplitude,and 
can alw~s be done,then the vibration 
K 

Ak= Qktl<= lkCk'Pk 

A~ 02 ~ ~ 
(28) 

< k>= 'LkC k • < ~i\ > 
(29) 

Taking into account (27) the design value of the vibrati 
on amplitude of the suspended load is 

A.,. dps = l",c lt Rx
o 

~ <f~ = l", C,k kc9-u.Q72 ~ 
Using the relationship CI;, = I/lk and conditionU=1,the final JO) 
formula for determining the degign value of the vibration am
plitude of the suspended load or suspended roof becomes 

Akdes= 9-S4!2.ke ~ (31 ) 

NONLINEAR VIBRATIONS WITH SUSPENDED MASSES. 
Under intensive seismic loads load-bearing structures of 

buildings are subject to significant displacements accompani
ed by absorption of energy of the outer effect and occurrence 
of residual deformations.At this stage of the behaviour the 
linear relationship between stresses and deformations(loads 
and displacements) is broken. 

Vibrations of the suspended load~~~can be regarded as sim
ple harmonic ones only whensinS~9.If this condition is not sa
tisfied,then more complex motion takes place.In this case the 
restoring force is not proportional to the displacement and 
the vibration frequency will decrease with the increase of 
the amplitude. 

To ascertain the influence of nonlinear factors on the 
parameters of the dynamic response, the coupled system(the fra
mework with the suspended mass)is studied under the assumption 
that final deformations develop. The relationship of the resto
ring force and displacement for the framework and suspended 10 
ad is taken in the form of nonlinear-elastic diagram of a soft 
type approximated by a cubic parabola. 

To describe nonlinear vibrations of the framework and 
suspended loads the first equation(1) is supplemented by the 
term .Q:, X: ,characterizing the nonlineari.ty of the restoring 
force of the framework. The dissip ative forces of the frame
work are taken according to Voigt's hypothesis with further 
correction according to Schlippe-Bock. 

After transforming nonlinear terms into an exponential 
series and retaining the two first terms of the series,equati 
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ons for motion of a single-storey framework with a suspended 
mass will be: X t 2j3d::tQ2OC-Q'!OC~-oc-dB ({-~)td ~2.(B_ e~) 

i 0 ci 1. i 1. i a i i 2~ iii"3T 

9+n~o+ 2.(n 8
3

) •••• .. .. 1St) 
i G)v1 Cl! (.J~ o;3!::..-C!(Xt!X:o)tCi,(xt xo)· \"2! (32) 

where Q~~. Q'2.= K{ 
1. Mtot ' i ~ot 

K1-the coefficient of the linear component of the framework 
_ rigidity; 
K1-the coefficient of the nonlinear component of the frame

work rigidity; 
foa and fli -the dalllping coefficients in the structure and su 

spension hinge respectively. 

Other symbols are similar to those adopted earlier. 

EQuations(32) are true for final deviations of frame-
works and suspended masses.It is supposed that the magnitudes 
of the deviation angle Qi for actual building struct5fs a;re 
less tPF~ one radian.In equations (32) the adde.J;ld~dje;2!: d..BJ.~-l 
and n.iHi -!f- can be negl~cted since the value d. ~t -!; is almol?t 
by one order less than d..

i 
81,...' the eQuation terms d.19:H, . and df a: ~ 

are respectively values or second and th~rd order of amallness 
as compared to th~ ~ul~ acceleration as .For the same rea
son the addends c/:x:~~«.c~Xi, can be neglected;let it beG.i;(lc),p)::.otS) 
where Pi:i.2,4. With account of the above asswnptions the equati-
ons for motion(2) bec.ome 2. _ - 2. 3 __ " _ a 

OC-t+ ~}?lOXit- Q.,j,X-j; Qi.~i- DCa d.i i 

8
1
+2..B

i
S

i
+ w:9

i
- wi -C

f 
(it oc o) (33) 

The problem of vibrations of the nonlinear-elastic sys
tem in question under a steady random excitation can be solv
ed conveniently by the method of statistical linearization 
permitting the correlation theory to be used. 

Nonlinear functions in (33) are approximated by linear 
ones statistically eQuivalent to the starting ones.It is kno
wn that functions are statistically equivalent if moments of 
the first and second order are equal. 

We assume that the process at the input is steady follow 
ing the norrr.al distribution law and the first order moment is 
equal to zero.Then the statistical transfer factor of the non 
linear element will be the function only of the second order 
moment .Fo1 nonlinear terms Q:oc.~ and Ct.)~ -\\- this factor is ~J43GKt6'~ 
and3,436c:6;/S /4/respectively. . 

• 
After the linearization of the system and replacement 

of the variables ~f~ and 'If d.i,Ci. we obtain 

oct 2J?>ox.j,+ \1:l6'a:2)X~ -ci:;- 'Z-1~i (34) 

~~+ 2f3~ f~ + X: (~~i--io- Xi 
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where 'V: Co:)= Q~ (-i-3,43SG': ~J'K-1) 
~ ().:- '2.) 2. { 1. ~ 6 2.1 Xi. v" = wi. '{-.3,4J C/5'f 6) 

The systemiof linearized equations(6)is investigated by 
the correlation theory methods.Expressions for complex trans
fer factors and the variance of the output of the system are 
determined following the standard procedure,earlier described 
in detail.He1e the values of the variance of the framework di
splacement5x and the deviation angle of the suspended mass 

become 1. 2. (/ ( 1'.1. 
6 p= ,Mp Ap)<X.B 0YlA.o ' p= Xi,lfi. 

o \) &:l S3 61j Bs 0 0 0 {] ts 11'7 
no 112 I1q Qr. 0 0 ao 112. Qq at. 0 0 

(5) 
ti4. a..5IlS n {) 0 
0.

0 
a

lt 
a/j (1, 0 0 

M.
x 

0 a. t 1130.5 0 0: M6'f'i 0 Q.i a.J o.s 0 Q 
i 0 no a.2. 0. .. a6 0 0 0.0 a.? aq (t, 0 

A = h. = 0 ai 113 as 0 0 
GXi 6'fi 0 Cl a a. a. 0 

Q ~ 'I (, 

o 0 Q1. Q.5 a.s 0 0 0 0.0{ £1
3 
as 0 o 0 at ~ 1150 

o 0 no Q~ 0..11 at. 0 \) aD 0.2, ClII at. o 0 no 01 a'l0{' 

f " (0 -*)" (2n -*-)" 2;-*, n --If-*. 0.0= , (t1' Gck.+Wi. , a.f- m=t-t;oC..W;1+W'2,' 0.3 m tA\+ ~oLW2.+U)-l , 

a.= m?w*+ 2oc..w*+ W", a=-(m W*+Qcx.W*)" a=-l.S*m 2 • 
It 2 3 'l' 5 2 3 It' 6 4 , 

1)'1. i-2Zt~:; fl3 (zi.-i)2x:+-(1-zJm2.; lllt 'X~+-V-12Wi~ (oz;L--1)2x:m2.; 
-& =x"m 2+v 2wi(m2 " fl= v4+vl...Q" " -fJ = m2i)6 

5 1 'i -1' G. a -t' 'J 

~:-w: -roots of the denominator of the integrands for the 
variance of the framework displacement and deviation angles 
of the suspended load. 

Let's consider a numerical example.In equations(35)it is 
taken r:i..=? ,fo=i8 i Il~ 1. ;B(O)is the variance of seismic accelera 
tion.In the n~erJ~al solution of equations(35) the design va 
lue is takenB(O)=kc~ where kt is the seismic factor. 

The problem was solved on the M-220 computer by means of 
the iteration method.In realization of t~e programme to deter 
mine the variance of the system output( 6~nrand o:nr) the re
sults of solving the linear problem were taken as ~a·first ap
proximation.The ~egree of acc~acy in the iteration process 
was taken abs ( G'~i.n.t G'!1- t ) < 6'::t1. n.t.40-;' • 

In choosing versions of estimation it was forseen that 
it could be varied in a wide range of initial variables of nu 
merical parameters: the mass ratio 04~{~O,S ;the framework frequ 
ency O,3.:<Q. < 5rll,.; frequency of the suspended mass 0,15< Wi -< 0,8 rl\. .• 
Constant parameters are assumed as follows:damping in the sus 
pension hinge ~b=O,03;damPing in the structure of the steel 
framework is o. 5 ;the ~esign value of the variance of the ou 
ter effect B{O) =625kg!cm , that corresponds to kc: =0.025; the 
ratio of stiffness coefficients of the nonlinear and linear 
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components 

The influence of the nonlinearity of the system on the 
values of the variance of displacement of the framework and 
deviation angle of the suspended load is determined by ratios 

fl = ({52 /6'll . fl = 62. / 6'2. • 
!:Ct (:C~ n.e. Xi. t., 'fit f t n."-. f1 t. 

As the analysis of theestimation results show. the effect 
of the geometric nonlinearity of the system can almost be ne
gleeted for the values of the variance at the magnitudes of 
natural frequencies of the framework of 6 to 30 1/s. n andn" 
undergo significant changes wi thin the range of low frE!quen-i. 
cies of 2 to 4 1/s and particularly at the frequency of the 
framework of 2 1/s.It is characteristic of this frequency 
that the ratio n-x. increases and fl'f decreases,i.e.at larger 
deviations of the'framework ! 

the vibration am:nli tude of w,=II,JZ.?u 

the suspended lo~d is less %t 17" r,=q2 SW 
than the respective values i~~-=~/;li 
of amnlitudes for linear 0.08 ~ 0.15 

~ ,& n ~" q32 systems(Fig.12) .Fig.13 sho 0,* r, QS 

ws the diagram of change of 1,2rn" r,=4'1 ......-:~;} 
n~ and 0" for flexible k~ln ~~4fS 

framteworksQ ~2 +4 1/s depen 0.6 v, "'-0,8 

ding on the {vibration frequ ib«' r;;1l,6 1m 
17 4iiii at ency of the suspended loadw 0,9 'I, ,1l8 

(the suspension length tl.. ) 1. ~~B"05 "77 ;',C9 3,1?T,m 

at various ratios of the mass 1,274!JS 11,>* iW 1l,32f1"",, 

~The analysis of the diagpam 
(Fig.13)indicates that the 
system response(displacement 

Fig.12 

I}=o,z 
!/+~ 
1,0 ---- -_-~~ 

- - __ - 51;! f..!,Z" 

~5 n~, RFZ 

r=q~ 
f,2~r2 

k~~==·=~- 1~ 
0,6 nn ' 
f,1 n" r,'fJ,G Slr2 
f,Ot~ ~u " 

0,9 ,n)'r, g,.J 
112 ~25 2,51 3,14 *,18 6,28T,W( 

o as fJ,39 1132 a2J 

Fig.13 

of the framework and rotation angles of the suspended loads) 
difers from responses of linear systems mostly when partial 
frequencies of two connected oscillators become equal. 

One more characteristic feature of the system under con 
sideration should be mentioned. With the increase of the rat 
io 'l1. ,i.e. with the increase of the mass of the suspended 
load the magnitudes of the variance of the framework and sus 
pendedload displacements approximate the values obtained for 
linear systems(Fig.12). 

The results mentioned refer to the 
case when the parameter characterizing 
the nonlinearity of the framework is 

K =O.005.In addition there were inves 
tigated parameters of the system respon 
se at k :0.0005;0.002;0.006 and const
ant value of & ( 0 )corresponding to 

Kt. =0.025. 

2,2 n)(1 

2/J 
1,8 
1,6 
f.~ 
1,2 
w~ 

0,8 
~$ 
v,* 
0,2 fl'lr 

The analysis of estimations carried ~05 1,57 2,09 3,1'1 T,ce/( 

out by a computer has shown,that the pat- Fig.14 
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tern of change of nx and fi1 is similar to the above indicated 
but their absolute values ~or flexible frameworks increase ab 
ruptly with the increase of the factor k .Fig.14 provides as 
an example calculation results at "(;i =0.2 and OJ = 2 1/s for 
a wide frequency range of the framework and factors k • 

At frequencies of the framework of 6 to 30 1/s seismic 
loads can be determined with reasonable accuracy as for a li
near system. For frameworks with a frequency of 2 to 4 1/s at 
all investigated frequences of the suspended load it is recom 
mended that the stipulated value of the_seismic forceSshould 
be multiplied ~y the ~orrection factor t n.e .• Table 1 provides 
the values of t. f estl.mated by the authors for different fre
quency characteristics of the framework,suspended load and ra 
tios of masses. 

1 
1,5 
2. 
2.5 
5 

As the analysis of the table shows,for flexible frame
works the account of geometric nonlinearity of the so called 
soft type loads to the reduction of seismic loads(up to 30 
per cent). 

OONCLUSIONS. 
Basing on the investigation carried out the following 

main inferences can be drawn: 

1.A procedure for a statistical analysis of vibrations 
of linear and nonlinear framework systems with suspended mas
ses under horizontal seismic effects has been devised. 

'fhere have been obtained and solved differential equati
ons of coupled vibrations under the supposition of elastic 
and nonlinear-elastic structural behaviour and at translatory 
displacements of suspended masses. 

2.Basing on the solution of the respective differential 
equations of vibration with account of transfer states numeri 
cal values of dynamic factors.magnitudes of displacements of 
frameworks and deviation angles of suspended loads for vario
us initial parameters of structures have been obtained. 

The analysis of the results shows that 
a)the values of the standard of the dynamic factor for 
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structures with loads located on floors are 2 to 3.5 times as 
large as the respect~ve values of the standard for structures 
with suspended loads. 

b)maximum values of the standard of the dynamic factor 
in the transfer state are 1.3 to 1.4 times as large as those 
in the steady state; 

c)the increase of the ratio of the suspended load mass 
to the whole struoture mass leads to the decrease of absolute 
values of the dynamic factor standard; 

d)magnitudes of seismic forces effecting the structural 
framework do not depend upon the weight of suspended loads if 
frequenderof the latter are less than 2.5 1/s. 

3.Nonlinear horizontal vibrations of frameworks with sus 
pended masses have been studied. 

Nonlinear equations of the system motion have been solv
ed by the method of statistical linearization and linearized 
equations of motion have been investigated by methods of the 
correlation theory. 

A programme for solving nonlinear differential equations 
have been worked out.Systems with different coefficients of 
.elastic nonlineari ty have beenconsidered, characteristics of 
the response of nonlinear-elastic system are determined at va 
rious levels of the effect. 

The analysis of the calculation results allows conclusi
ons to be drawn regarding the consideration of the influence 
of nonlinear factorson the parameters of structural response: 

a)magnitudes of seismic forces for frequences of the 
framework of 6 to 30 1/s and of suspended loads of 1 to 2.5 
1/s at effects of 7-9 degrees intensity can be determined 
with a sufficient degree of accuracy as for linear systems; 

b)for flexible frameworks with frequencies of 2-4 1/s 
and those of suspended masses of 1 to 5 1/s it is recommen
ded that the stipulated value of the seismic force arrived 
at in the linear analysis should be multiplied by the correc
tion factor Mn.e. ,which values are given in Table 1. 
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SUMMARY 
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The response of a tall multi-flue stack to earthquake was investi
gated in this study. Each flue consists of a number of equal lengths sup
ported on platforms. The platforms are connected to rubber bearings which 
are in turn supported by the outer shell. The outer shell mass was idea
lized into the same number of elements as the flue lengths. The system 
was therefore represented by a number of masses with associated springs and 
damping elements. The equation of motion was derived by means of Lagrange 
equation incorporating the rotational effects of all masses. The stiff
ness of the outer shell and the flues were computed on the assumption that 
they behave as slender beams. The damping matrix in the system was assumed 
to be proportJ.onal to the stiffness matrix of the system. The equations of 
motion were solved by the method of classical normal modes. 

The reinforced concrete stack chosen for illustrating the analysis is 
242 m high. The outer shell with a 26 m diameter encloses three elliptical 
flues. Comparing the responses of the cases of rubber bearing and rigid 
bearing, the rubber bearings reduce the fundamental frequency, maximum 
shear force and bending moment in the outer shell by approximately fifty 
percent. 

INTRODUCTION 

The ever-increasing demand for air pollution control in the last de
cade or two has led to the construction of tall stacks. Many stacks higher 
than 800 ft have already been built. With the increase of their height, 
their response to lateral forces such as wind and earthquakes becomes more 
important. 

In 1956, Isada (3)-1: presented a paper on reinforced concrete chimneys 
subjected to earthquakes. Rumman (5), in 1964, presented a paper on the 

Numbers in parentheses designate References at end of paper. 
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earthquake forces in a reinforced concrete single stack. Later, Maugh and 
Rumman (4) presented a paper on the seismic design of a reinforced concrete 
chimney with a single stack. 

In the recent years, due to the necessity of large boilers in indus
try, there appear multi-flue stacks. The idea of a multi-flue stack is 
that the outer shell is primarily for the lateral loads and the inner flues 
for thermal stresses due to the hot gas flowing inside them. Veeraragha
vachary (6) accorded to a formula to show the benefit of a big multi-flue 
stack. For dispersing the same amount of gas, the height of the multi-flue 
stack could be lower than two third of the length of each of single stacks 
needed with the same number as the flues. In 1970 and 1971, Waller (7,8) 
presented the design of a tall multi-flue stack subjected to wind loads. 

The purpose of this study is to formulate a lumped-mass mathematical 
model which represents the actual structure in a dynamic analysis and to 
calculate the response of the model due to an earthquake. The multi-flue 
stack of the Drax Power Station, England (7,8) is adopted for illustration. 

FORMULATION OF PROBLEM 

As described by Waller (7,8), the outer shell of a multi-flue stack 
is made of reinforced concrete, the inner structure is composed of three 
or four flues, which are made of reinforced concrete or steel with circular 
or elliptical cross section. The interior of each flue is coated with pro
tective linings. Each flue is divided into a number of equal lengths. The 
flue lengths are rigidly connected at their mid-lengths by platforms which 
in turn are connected to the outer shell by means of rubber bearings (Fig.l). 
The joints between the flue lengths are sealed by °a flexible material to 
prevent the flue gas from attacking the unprotected surface. In the dynamic 
analysis of this structure, the outer shell is idealized into the same num
ber of elements as the flue length. 

Equations of Motion 

The idealized model of the structure is shown in Fig. 2. The flues 
are represented as n masses. The shell is broken up into a number of n 
elements to correspond with the flue lengths. The rotational inertia of 
each mass is considered in this study. The complete systent is therefore 
represented by 2n masses with associated spring and damping systems. The 
lumped outer shell masses are M1 , Mz , •.. , Mn; and the lumped flue masses 
are m1 , m2 , ••• , mn . The relations between the rotational angles 9i of the 
outer shell masses Mi and their absolute displacements Xi in terms of fi
nite differences are as following. 

219 1 X X (1) 
2 1 

2t~ x.+ X. i 2,3, .... , n-l (2) 
1 1 1 1-1 

te X - X (3) 
n n n-1 

in which t is the distance between ~o consecutive lumped masses. 
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This computational model is governed by Lagrange equation of the form 

oL oL Qxi 
oX. oX. d ~ ~ 

1,2, .... , (4) 
dt i n 

oL oL Qqi 
oQi oq i 

where L = T - U, T = kinetic energy of the system, U = strain energy of the 
system Qi = non-conservative force of the system at point i, q. = displace
ment of lumped flue mass mi relative to Mi and a dot C') denot~s a time 
derivative. Neglecting the higher order terms in the displacement func
tions,T can be written as 

T 
1 n '2 1 n .. 2 1 n s . ;; 1 
2 

. L: M. X. + 2 . L: m. (X, +q.) + -2 L: 1. (e.) +-2 
~=1 ~ ~ ~=1 ~ ~ ~ i=l ~ ~ 

(5 ) 

in which the first term is the translational kinetic energy of the outer 
shell, the second term is the translational kinetic energy of the flues, 
the last two terms are the rotational kinetic energy of the outer shell and 
inner flue respectively; Ii and If are rotational moments of inertia of 
the outer shell mass Mi and the flue mass ffii respectively. The strain ener
gy U is in the form 

1 n n 1 n f 2 36EI(X _ G+ )2 U L: L: K, . eX. - G)(X . -G) + 2:: k.q. + 
2 i=d-l ~J ~ J 2 i=l ~ 1 .£3 1 ql 

+ lSEI n-1 9EI (e )2 9EI n-l :3 

.2:: (X.+ -X.+q,+ _q.)2 + + "'IT ,2:: (e.+-8.) (6) yp ~==l ~ 1 ~ 1 1 1 
" 1 

1=1 ~ 1 ~ 

in which the first term is the strain energy of the outer shell, the second 
term the strain energy of the rubber bearings, and the rest the strain 
energy of the inner flues assumed to behave as slender beams built-in at 
the platforms and hinged at the ends of each flue length. In addition, 
Kij = stiffness coefficient of outer shell assumed to behave as a slender 
beam, k+ == translational stiffness of the rubber bearing which is supporting 
mi , G ==lfoundation displacement, E' == Young's modulus of the flues, I == area 
moments of inertia of inner flues, and non-conservative forces are 

{ 

Q . r {x.- G } x~ [c] -q:~_ (7) 

Qqi ~ 

where [C] = damping coefficient matrix to be described later. Substituting 
Eqs. 5, 6 and 7 in Eq. 4, in view of Eqs. 1, 2 and 3, leads to 

[MJ [y} + [C] [y} + [H J {y } (8 ) 

where 

{y} i 1,2, ... , n (9 ) 
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u. X. - G (10) 
~ 1 

{F} _ {~~!~:!L} G i 1,2, ... , n (11) 
{m. } 

1. 

[M] and [H] are symmetrical matrices of mass, and stiffness respectively. 
The elements in these matrices are the followings. In [M]; 

M 
II 

M 
l2 

M 
13 

M 
22 

M 
24 

M .. 
1~ 

M .. 
1,1+2 

M 
n-1,n 

M 
nn 

M. '+n 1,~ 

M +. +. n 1,n 1 

1 
48[48(M

1 
+m

l
) + Mz +,m) 

- :8 (M
l 

+ m
l

) 

- ...l.-(M + m ) 
48 z z 

1 
[M2+m- +4S(M +M +m +m )] --<3 3 1 3 1 

1 
- 4s(M

3 
+ m) 

1 
[M. +m. + 4S(M.+ +M. +m.+ +m. )] 

~ 1 1. 1 1-1 ~ 1 1-l 
i 

1 
- 4S(Mi +

l 
+ ffii +

l
) i 

[M + m + 4
1
S (M + 4M + m + 4m )] n-l n-l n-z n n-2 n 

m. 
1 

m. 
1 

i 1 to n 

i = 1 to n 

and other elements are zero. In [HJ; 

[H] 

where [A], [B] and [D] are symmetrical matrices, in which 

(12) 

(13) 

(14) 

(15) 

(16) 

3 to n-2 (17 ) 

3 to n-2 (18 ) 

(19 ) 

(20) 

(21) 

(22) 

(23) 

(24) 

(25) 
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B .. 
36El 

~J -7 i 1 to n-l j 2 to n (26) 

B .. 
72El 

~~ 2T i 2 to n-l (7) 

B = 
36EI 

nn --y}3 (28 ) 

Aij K .. + E .. 
~J ~J 

i,j == 1 to n (29) 

In Eq. 29, Eij is equal to E .. and defined as follows. 
J~ 

E 
459El (30) 

11 ~ 

E 
171El (31) 

12 - 4i3 

E 
9El (32) 

13 - 4~,3 

E 
333El (33) 

22 t;i3 

E .. 
153E1 i 2 to n-3 j 3 n-2 (34) 
~ 

to 
1J 

9El 
i 1 to n-3 j 4 n-l (35 ) 

2f} 
to 

9El 
i 2 to 

4;,3 
n-3 j 5 to n (3&) 

E .. 
81El 

i 3 to n-2 (37) 
~~ 13 

E 
81E1 (38) 

n-2,n-l - 2 ;.3 

E 171El (39) 
n-l,n-l 2iF 
E 

l71E1 (40) 
n,n-l - 4iF 

E 
81E1 (41) 

nn V} 

D .. B .. i -I- j (42) 
1J 1J 

D .. kf + B .. (43) 
1~ ~ ~~ 

Elements of matrices [AJ, [BJ and [D] which are not defined in Eqs. 25 to 
43 are zero. 

In practice, the value of the bearing stiffness ki is very small in 
comparison with Bii and will be neglected in Eq. 43. It is also a cammon 
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practice to assume a damping coefficient to be proportional to its corres
ponding stiffness. Neglecting the damping stiffness cf of the rubber bear
ing, there remains only "structural damping" in matrix [C] which can be 
written in the form 

[c] (44) 

where S is a constant, in this study, to be equivalent to 1.5% of the cri
tical damping of the vibration of the system in the fundamental mode. 

Solution of the Equations of Motion 

In view of Eq. 44, the solution of Eq. 8 can be solved by the method 
of classical normal modes (1) in which Yi is related to the normal coordi-
nates 11 by m 

{Yi} [qJ][11rn} (45a) 

or 2n 
Yi 2: qJim 11 m i 1 to 2n (45b) 

m=l 

where 
[qJ] UqJ(l) }{qJ( 2) } .... [qJ( 2n) }] (46a) 

in which [qJ(m)} = eigenvector corresponding to the mth eigenvalue of the 
following system 

{o } (46b) 

These eigenvalues, arranged in an ascending order, i.e., w2 < w2 < ... 
< w2 

, and their corresponding eigenvectors can be obtaine~ by ~eans of a 
sta~aard computer program, e.g., NRDOT of IBM. Substituting Eq. 45a into 
Eq. 8 and premultiplying the result by the transpose of [qJ] leads to 

= f 
m 

where 

f 
m 

and S is the critical damping ratio, i.e., 
m 

m = 1,2, ••. , 2n (47) 

(48) 

(49) 

In Eq. 48, T denotes the transpose of a matrix. The solution of Eq. 47 is 
given by 

t 
1 S -I: w (t-T) ( - f(T)e '1n m sinp t~T)dT; m=1,2, •.. , 2n (50) 

Pm 0 m 

where 

w Jl _ ~2 
m m 

(51) 

It has been shown that the seismic response of a system having classi

cal normal modes is primarily due to the first few of these modes (2). 
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Expecting this phenomenon to exist in the multi-flue stack system, the 
response of the structure can be obtained, in place of Eq. 45, by the fol
lowing equation 

y. 
l 

N 
L: cp. II 

m"'l lm m 
i '" 1 to 2n (52 ) 

where N is much smaller than 2n. This leads to a considerable reduction 
of computing time. 

Shear Forces and Bending Moments 

The equivalent external forces applied on the outer shell are given by 

[p} [A J [U} (53) 

where Pi is the equivalent external force on Mi , The shear forces Si and 
the bending moments Mbi of the outer shell are the following: 

S. 
l 

S 
n 

~n-l 

1 1 1 

1 1 

1 

o 

o 

1 

1 

1 

1 

1 

1 

£ 

£ 

1 

2, 

£ 

£ 

P 
1 

P 
:3 

P. 
l 

P 
n 

S 
:3 

S 
3 

S. 
l 

S 
n 

The bending moment at the base of the outer shell is 

The shear forces ~i in the rubber bearing are 

~i 

Effect of Rubber Bearings 

f k.q. 
l l 

i '" 1 to n 

(55) 

(56) 

(57) 

It is a practical interest to learn about the effect of the rubber 
bearing by comparing the solution obtained in the previous sections with 
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the one with rigid bearing. For the latter case, the displacements of the 
flues relative to th~ outer shell vanish, i.e., q and ~ in Eqs. 5 and 6 are 
zero. The equations of motion are reduced in number into n and contain 
only outer shell displacements U" i = 1 to n. The solution of these equa
tions can be obtained by the metEod of classical normal modes as described 
previously. 

NUMERICAL EXAMPLE AND CONCLUSIONS 

Numerical Example 

The multi-flue stack of the Drax Power Station, England (7,8) is adop
ted in this study. It has a height of 242 m and a constant outside diame
ter of 26 m. The reinforced concrete outer shell is made of a thickness 
varying from 0.61 m just above the plinth to 0.23 m at the top. The outer 
shell mass alone is 31,000 ton, and the unit weight and Young's modulus of 
concrete are assumed to be 2.4 ton/m3 and 2.0 x 106 ton/m2 respectively. 
There are three flues, of reinforced concrete and elliptical section, hav
ing major and minor axes of 13.7 m and 9.2 m respectively and a thickness 
of 0.13 m with a protective lining. Each flue has eleven 22 m-lengths sup
ported on platforms which in turn are supported on laminated neoprene and 
steel expansion bearings with a total dynamic stiffness horizontally of 
1,000 ton/m. The biggest bearings are 0.58 m square and 0.61 m thick. The 
outer shell was idealized into the same number of elements as the flue 
lengths. Each length of the flue has a mass of 1,300 ton and the total 
mass of the stack as a whole is thus 45,000 ton. The complete system is 
therefore represented by 22 masses with associated spring and damping sys
tems (Fig. 2). 

Numerical Results 

For the cases of rubber bearings and rigid bearings, the fundamental 
frequency 001 was found to be 3.4 and 6.8 rad/sec respectively, and the 
damping factor S corresponding to S = 0.015 was determined from Eq. 49 as 
0.0088 and 0.0044 sec respectively. 1 The N-S component of El Centro 1940 
earthquake was used in this numerical example. The displacements, bearing 
force, shear force and bending moment in the outer shell are plotted in 
Figs. 3 and 4. The results were obtained accurately by summation of solu
tion of the first five natural modes of vibration. 

Conclusions 

A rational analysis of a tall multi-flue stack subjected to an earth
quake is presented in this study. Neglecting in the equations of motion 
the terms kf and ci, which are very small in comparison with thei~ corres
ponding elements of the total system, makes possible the application of the 
method of classical normal modes. Comparing the responses for the cases of 
rubber bearings and rigid bearings, the rubber bearings reduce the funda
mental frequency, shear force and bending moment in the outer shell by ap
proximately fifty percent. The reduction in maximum deflection of the 
outer shell is, however, not achieved. 
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Fig. 1 General Arrangement of Flue Supports 
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The Japan Society of Civil Engineers firstly issued "Specifications for 

Earthquake-Resistant Design of the Honshu-Shikoku Bridges"l) in May, 

1967 The Specifications W2re drawn up by a JSCE's Sub-Committee 

(Chairman: Professor Shunzo Okamoto), which existed for five years 

starting at 1962 with a commission jointly from t.he Ministry of Construction 

and the Japanese National Railways (the Japan Hailwdys Construction Public 

Corporation took over the WJrk of JNR after March, 1964). In May, 1970 

three years after the completion of the above Specifications (1967), the 

Earthquake Engineering Committee (Standing Committee) of the JSCE set 

up a Joint Meeting for Studying Earthquake-Resistant Design of the Honshu

Shikoku Bridges (Chairman: Professor Shunzo Okamoto), in consideration 

of the needs of further investigations. The Joint Meeting was organized 

with a joint participation of the regular members of the Earthquake Engi

neering Committee, staff members of the Japan Highway Public Corpora

tion, the Japan Railw3.ys Construction Public Corporation and the Honshu-

Preceding page blank 
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Shikoku Bridge Authority (the Authority was established in July, 1970), ald 

experts from vario:Js organizations, It attempted to improve the Specifi

cations (1967) in view of recent progresses in the relevant fields, and 

presented in June, 1971 a report
2

) summarizing the results of its research 

activity, 

Furthermore, with a commission from the Honsh.u-Sh~koku Bridg8 

Authority the JSCE established a Research Sub- Committee on E arthquake

Resistant Design of the Honshu-Shikoku Bridges (Chairman: Professor 

Keizaburo KUbo) in June, 1971, The Rese arch Sub-Committee was prima

rily intended to amend the Specifications for Earthquake-Resistant Design 

of the Honshu-Shikoku Bridges (1967) and also to clarify the design proce

dure in details, For the purposes the Hesearch Sub-Committee picked up 

the following three subjects to be investigated extenSively, 

1) Evaluation of seismic fources -- Effects of near earthquakes on 

structures, effects of long-period ground motions and their measuring 

systems, factors to be considered in determining the magnitude of 

seismic forces, etc. 

2) Evaluation of dynamic characteristics of soils and foundations -

Dynami c characteristics of mlllti- column foundations and caisson 

foundations with an emphasis of obtaining a design procedure based 

on dynamic analysis for foundations, investigations on earthquake

resistant design practices for foundations, etc, 

3) Earthquake-resistant design practices for bridges with span length 

of 200 m or more (such as suspension bridges, truss bridges, etc,) 

The Research Sub-Committee performed investigations mainly on 

those subjects by March, 1974, and recently published the final report
3

) 

The report proposes the revised Specifications for Earthquake-Hesistant 

Design of the Honshu-Shikoku Bridges (1974). Although the new Specifica

tions (1974) include the commentary w;lich gives additional explanations 

necessitated for design pr'actices, the main body of the Specifications will 

be introduced hereinafter, 
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1. General 

1.1 Scope 

The provisions in the Specifications apply to earthquake-resis

tant design of the Honshu-Shikoku bridges. 

1. 2 Notations 

The following notations are used in the Specifications. 

Notation 

A 

a 

b 

d 

h 

T 

x 

a 

r,,. 

Definition 

Lateral cross-sectional area of a structure 

Length of cross-section of a structure in 
the parallel direction to that of seismic 
motion considered 

Width of cross -section of a structure in 
the perpendicular direction to that of 
seismic motion considered 

Depth of water 

Damping ratio 

Design seismic coefficient 

Response seismic coefficient 

Response acceleration spectrum 

Response velocity spectrum 

Natural period of a structure 

Any depth below the surface of water 
or ground 

Coefficient dependent on vibrational 
modes of a structure 

Coefficient dependent on shape of a 
foundation 

Unit weight of sea water 

Unit 

m 

m 

m 

m 

cm! sec 2 

cm! sec 

sec 

m 



Notation 

fJ. 

Definition 

Modification factors necessitated in 
obtaining design seismic coefficient from 
response seismic coefficient 

2. Earthquake to be Considered in Design 

2. 1 Earthquake to be Considered in Design 

Unit 

An earthquake with the following characteristics shall be con

sidered in design: 
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1) Magnitude: Large-scale (Namely around 8 on the Richter scale) 

2) Location: Comparatively far from the bridge sites (Namely 

off Kii Peninsula, or off Tosa) 

3) Frequency: Once or twice per one hundred years 

2. 2 Design Ground Acceleration 

The maximJm value of the design ground acceleration shall be 

180 gals at the level of the surface of ground lagers which support 

foundations at the bridge sites, 

3. Basic Principle for Earthquake-Resistant Design 

3. 1 Method of Design Calculation 

1) For structures whose principal dimensions are determined by 

some requirements other than those by earthquake resistant 

design, the modified seismic coefficient method conSidering 

structilral response shall be adopted. The results shall generally 

be examined through a dynamic analysis, 

2) For structures whose principal dimensions can be determined by 

rec, ~irements by earthquake-resistant design, structural dimen

sions shall be determined by the res ponse spectrum method of 

dynamic analysis. In the case the results are required to be 

examined through the numerical integration method of dynamic 

analysis. 
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4. Design by the Modified Seismic Coefficient Method Considering 

Structural Response 

4. 1 Design Procedure 

In design based on the modified seismic coefficient method 

considering structural response, seismic forces specified in 4.2 and 

additional effects specified in 4.4 shall be taken into account 

simultaneously. 

4. 2 Seismic Forces 

Seismic forces shall be determined by the product of structural 

dead weight and the design seismic coefficient. The design seismic 

coefficient is provided in "4.3 Design Seismic Coefficient ConSidering 

Structural Response. " 

4.3 Design Seismic Coefficient ConSidering Structual Response 

4. 3, 1 Horizontal Response Seismic Coefficient 

The horizontal response seismic coefficient (K R) shall be 

determined by Fig. 1. This figure was obtained by assuming 

the following conditions: 

1) Foundations are constructed directly on the Tertiary layer 

(or older) at the site where the surfare Quaternary layer is 

shallow or none. 

2) The maximum ground acceleration for design is expected 

around 180 gals. 

4. 3. 2 Vertical Response Seismic Coefficient 

4. 3, 3 

The vertical response seismic cClefficient shall be generally 

the half of the horizontal response seismic coefficient. 

Design Seismic Coefficient ConSidering Structural Response 

The deSign seismic coefficient conSidering structural 

response shall be determind by the following formula: 
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Fig. 1. Response Seismic Coefficient Used in Design 

where 

Kf) = /1 1 ' 11 2 • P:3 • /1 4 • /1 5 • K R 

Design seismic coefficient considering 

structural res ponse, 

KR Response seismic coefficient (see Fig. 1) 

dependent on structural type and the 

predominant natural period, 

/11 :'vTodification factor dependent on the maximum 

ground acceleration for design ( /1, = 1. a for 

the case of 180 gals) 

/1 2 :'vTodification factor to cover the influences of 

the higher modes 

/1 3 Modification fador to apply equivalent uniform 

seismic loads 
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Ji. 1 Modification factor to cover the case where the 

direction of structural response is perpendicular 

to that of seismic motion applied 

P 5 Modification factor to be adjusted by engineering 

judgement 

The predominant natural period here indicated the natural 

period corresponding to a vibration mode whose response 

(stress or dis placement) is the most predominant in re

spective structural members. This predominant natural 

period does not necessarily coincide with the fundam<:mtal 

period. 

4.4 J\dditional Effects to be Considered in Design 

4.4.1 Effects of Ground Reactions on Structural Response and 

Stresses 

In evaluating the effects of the surrounding soil on structural 

response and stresses, ground reactions shall be taken into 

account as the product of the structural displacement relative 

to the ground and the spring constant of the ground. 

4.4.2 Effects of Surrounding Soil and Water on Structural Response 

1) As the effects of surrounding soil on structural response, 

the spring and damping effects shall be taken into account. 

The mdSS effect of the soil, however. may generally be 

neglected. 

2) The effects of water shall be taken into account by applying 

the virtual or added mass, as described in "5. 5 Effects of 

Surrounding Water on Structural Response. " 
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5. Dynamic Analysis 

5, 1 Methods of Analysis 

The following methods shall be employed in the dynamic analysis 

to obtain structural response. 

1) Response spectrum method: To calculate the meximum values 

of structural earthquake response on the basis of the response 

acceleration spectra specified in 5.3, 

2) Numerical integration method: To calculate the time history of 

structural earthquake response to the specific seismic motions 

specified in 5. 4. 

5.2 Application of Dynamic Analysis 

In performing earthquake-resistant design of structures the 

dynamic analysis shall be employed in the following ways: 

1) The results of designing by the modified seismic coefficient 

method considering structural res ponse or the seismic coefficient 

method are examined by the dynamic analysis. 

2) The response spectrum method of dynamic analysis is employed 

for structures whose dimension can be assumed by the loads for 

normal time. Structural dimensions determined by the procedure 

are examined though the numerical integration method of dynamic 

analysis. 

5.3 Response Acceleration Spectrum for Dynamic Analysis 

The response acceleration spectral Curves shown in Fig. 2 sh8ll. 

apply in the response spectrum ",('thod of djn~.lfY1ic analysis specified 

in 5, 1 1), 

5.4 Seismic Ground Motion for Dynamic Analysis 

Seismic ground motions for the numerical integration m::thod of 

dynamic analysis specified in 5.1 2) shall be either of the following 

tVl0. The maximum acceleration shall be adjusted to 180 gals by 
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Fig. 2. Response Acceleration Spectral Curves 
(for maximum acceleration of 180 gals) 
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1) Typical seismic records 0btai.ned near the bridge si.tes. 

2) Strong motion record obtained at El Centro in 1940 
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5. 5 Effects of Mass of Surrounding Soil on Structural Res ponse 

For dynamic analysis on 3ubstructures the effects of mass of soil 

on the response may be generrally neglected. 

5. 6 Effects of Surrounding Water on Structural Res ponse 

For the portion of the structure in water the virtual mass of 

water converted from the hydrodynamic pressure shall be considered 

by the following formula. 

fw 
M WI '" a [3 g 



where 

M wx' Virtual mass (or added mass) per unit width at the 

depth of :x below the water surface (t sec 2 / m 2 ) 
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a Coefficient dependent on ribrational mode of the struc 

A 

g 

a 

structure 

(j Cofficient dependent on shape of the foundation 

rw 

b b b < 
1) jJ = -;:- (1- 4d ) for the case of d = 2 

2) (.) '" ~ (0 7-~)for the case of 2 <~ <4 
jJ a . 10d - d -

Unit weight of the sea water (t/ m 3 ) 

Lateral croSS -sectional area of the foundation 

Gravity of acceleration ( = 9, 8 m/ sec 2 ) 

Length of cross -section of the foundation in the parallel 

direction to that of the seismic motion considered (m) 

b Width of cross -section of the foundation in the per-

pendicular direction to that of the seismic motion 

considered (m) 

d Depth of water at the site (m) 

5,7 Dynamic Characteristics of Structures 

1) Directions of Seismic Motion to be Considered: 

Directions of seismic motion to be consid'2red in dynamic analysis 

shall be longitudinal, transverse, and vertical. 

2) Natural Frequencies and Mode Shapes: 

The structural earthquake response shall be analyzed taking into 

account the orders of natural frequencies and corresponding mode 

shapes which are necessary to obtain the precise maximum 

response, in consideration for erection stages needed and com-

pleted stage, 
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3) Damping ratios: 

The damping ratios used for dynamic analysis shall be determined 

in view of the results of appropriate investigations. 

6. Safety Considerations in Earthquake-Resistant Design 

6, 1 Factors of Safety in the Modified Seismic Coefficient Method 

Considering Str'lctural Respnnse 

6, 1. 1 Combination of Loads 

For Superstructure: Dead lood + live load during 

For Substructure: 

earthquake + effects of temperature change 

+ seismic effects + effects of movements 

of supports + effectes of erection errors 

Loads from superstructure + dead load + soil 

pressure + water pressure + buoyancy or 

uplift + seismic effects 

6. 1. 2 Increase in Allowable Stresses for Steel Superstructure 
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Increase in allowable stresses for steeL superstructure in 

earthquake-resistant design shall be as follows: 

For suspension bridges and long-span bridge: 1. 5 

F0r bridges other than the above: 1. 7 

6. 1. 3 Stability of Substructures 

(1) Allowable bearing capacities of ground: The ultimate bearing 

capacities of ground shall be evaluated in accordance with 

the Specifications for Design of Substructures of Highway 

Bridges-Volume for Design of Spread Foundations (issued by 

the Japan Rood Association). The minimum values of the 

allowable bearing capacities shall be obtained by dividing the 

ultimate bearing capacities by the factors of sefety specified 

in Table 1. 

Table 1. Factors of Safety for Bearing Capacities 

Construction Manner of Foundation Base 
-~--~-·--·-~----~-fl 

Dry Under Water 
_._--

Normal Design 3.0 4.5 ---- f~----
~"---" --------- -----~ .. -

Earthquake -Res istan t 
2.0 3. 0 Design 

I 
(2) Stability for Overturning 

For normal design the position of the resultant force acting 

on the foundation base shall be located within the middle 

third of the base. For earthquake-resistant design that shall 

be generally located within the middle two thirds of the base. 

When the position of the resultant force for the earthquake-

resistant design is slightly out of the middle two thirds. 

stability and deformation of /!round and structures shall be 

fully examined. 

(3) Stability for Sliding 

The sliding resistance at the foundation base shall be evalu-
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ated in accordence with the Specifications for Design of 

substructures of Highway Bridges-Volume for Spread 

Foundation (issued by the Japan Road Association). 

The factures of safety for sliding shall be provided is 

Table 2. 

Table 2. Factors of Safety for Sliding 

Construction Manner of Foundation Base 

Dry Under Water 

Normal Design 2. 0 2. 5 

Earthquake-Resistant 
1.2 1.5 

Design 

(4) Displacement Standards for Substructures 

Displacements of substructures shall be generally less than 

the displacement standards provided in Table 3. 

Table 3. Displacement Standards for Substructures 

Suspension Bridges Other Bridges 

Abutments I Tower Foundations 
1---,-------------------- Horizontal displace-

Horizontal ment at the level of 

dis placement at Rotation at the tower ground surface (cm) 

the Saddle Position base 
(em) 
------~ .. 

0 = O. 017 t (j = O. 0055 t + 2 0 :;:; 1 

1 : central span length (m) 

6,2 Factors of Safety in the Design Based on Dynamic Analysis 

Factors of Safety in the design based on dynamic analysiS shall 

be principally in accordance with the provisions in 6. 1. 

I 



72~. 

III. REFERENCES 

1) Japan Society of Civil Engineers, "Technical Report of Investigations 

on the Honshu-Shikoku Bridges, It July, 1967. (in Japanese~. 

2) Japan Society of Civil Engineers, "Report of Research for Improving 

the Earthquake-Resistant Design Criteria for the Honshu-Shikoku 

Bridges, II June, 1971. (in JapaneseJ. 

3) Japan Society of Civil Engineers, "Technical Report of Investigations 

on Earthquake-Resistance of the Honshu-Shikoku Bridges, II September, 

1974. (in Japanese). 





INTERNATIONAL SYMPOSIUM ON 
EARTHQUAKE STRUCTURAL ENGINEERING 

S1. Louis, Missouri, USA, August, 1976 

COMPARISON OF ASEISMATIC STEEL BUILDING 
DESIGN PRACTICE IN JAPAN AND USA 

PAUL H. CHENG 

Chief Structural Engineer, Material Handling/Storage Division 

Interlake, Inc. - Chicago, Illinois USA 

Consultant, Kawatetsu-Interlake Ltd., Tokyo, Japan 

Summary 

727 

Current official aseismatic building codes, steel structural design 
specifications, practice of steel building structural designs, as well as 
seismology and geology of both countries (Japan and West Coast of USA) were 
reviewed to provide a comparative reference for practical engineers. A sam
ple building design was calculated in accordance with the building codes of 
both countries and is presented for comparison in detail. The calculated re
sult indicated that the degree of safety, which was provided by codified safe
ty regulations of Japan and USA for aseismatic steel structural design, is 
reasonably agreeing with the earthquake magnitude Richter scale. 

A research study to correlate the earthquake magnitude Richter scale with 
codified safety regulations as the base for an international aseismatic build
ing code is recommended. 

I. Introduction 

By an odd coincidence, the two parts of the world that are best known 
from the point of view of earthquakes, Japan and the west coast of the United 
States, lie symmetrically on either side of the Pacific between the same para
llels, 320 N and 450 N. A long time ago, engineers and scientists noticed that 
different official building code requirements for earthquake engineering were 
developed independently in both countries (17); however, report on detailed 
comparative studies still cannot be found in the literature. 

Regardless, the modern technology, such as computer dynamic analysis and 
shaking table test study are popular and officially accepted for the design 
of high rise buildings and special structures in both countries, but quanti
tatively, most structures which have been built still belong to the low or 
medium rise building and have been predominately designed by the long estab
lished simple building code design method. Therefore, the dual purposes of 
this paper are: 

(1) To provide a comparative reference to practical engineers on 
current aseismatic design codes and specifications on steel 
structures in both countries. 

Preceding page blank 
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(2) To promote the international understanding and cooperation for an 
international aseismatic design. building code. 

II. Geology and Seismology 

(A) Japan 

For the seismologist, Japan has the advantage of a long record history, 
a high density of population, and an urban culture with active research centers. 
It is reported that from 1596 and onwards, the earthquake records for the whole 
country can be regarded as fairly complete (20). 

Japan is located in the circum-Pacific belt just where an impo~tant branch
ing occurs. The Japanese sea coast of Honshu is a region of block tectonic. 
Two belts of deep-focus earthquakes, named the transverse and the soya zones, 
take courses which appear, at first, unrelated to the surface structures. The 
principal features of Pacific arcs, including deep oceanic trenches (fore
deeps) and belts of negative gravity anomalies, are all represented. Seis
micity of this region is so high that lists, even of large earthquakes, grow 
lengthy as shown in Table 1. In this table, only earthquakes with magnitude 
of 8 and over in Japan and with magnitude of 7 and over along the West Coast 
of the USA in a period of 50 years (1901 - 1952) were listed (20). 

(B) West Coast of USA 

It has been estimated that earthquakes in California and western Nevada 
represent approximately 90 percent of the seismic activity of the contiguous 
United States (21). The earliest recorded earthquake in that region was in 
July 28, 1769. Actually, it was not until after the gold rush of 1849 that 
anyone began to trouble about the earthquakes in that area due to the area hav
ing been scarcely inhabited at all until then. 

In California, the majority of these shocks occur at a relatively shallow 
focal depth of 10 to 15 miles, and along known faults. The principal fault 
in this area - the San Andreas - extends over 600 miles through California, 
from near the Salton.Sea in Southern California northwest to Point Arena, which 
is roughly parallel to the coast. California is one of the few coasts in the 
fiery girdle not to be bordered by a deep submarine trench. Therefore, this 
region is not subjected to seismic conditions comparable with those of Japan. 
This fact is clearly shown out in the statistics in Table 1. 

Earthquake magnitude is evidently related to energy which is radiated 
from the earthquake source in the form of elastic waves. The energy can be 
estimated by Gutenberg-Richter formula (20). 

Log E = 11.5 + 1.5M 

For example, the radiated energy 0~la9magnitude 8 earthquake is 1023 •4 
ergs and a magnitude 7 earthquake is 10 • ergs. 

The relationship between the observed magnitude scale of earthquake and 
the equivalent static lateral force to be used for aseismatic structural de
sign has not been established yet; however, the statistics in Table 1 definite
ly indicated that quantitatively and qualitatively, the magnitude of earth
quake damage to structures in Japan is more severe than on the West Coast of 
the USA. 



III. Official Building Codes 

As the seismic engineering is still in the state of art, undoubtedly, 
the building codes of each country are the collection of the most reliable 
knowledge and experience about the subject in that country at present time. 
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In the USA, the current building code which is discussed here is the 
Uniform Building Code 1973 edition (16). The historical and theoretical back
ground of this code can be found in Ref. (11,22). It is acknowledged that 
the UBCI-ICBO convention in Monterey, California in September 1975 adopted a 
few major revisions on aseismatic design provisions for the 1976 edition UBG. 
However, the official copy of the conventiorr minutes was unavailable at the 
deadline date of submission of this paper. In order to avoid confusion and 
mistakes, the discussion in this paper is limited to the 1973 edition only. 

I~ Japan, the current building codes which are discussed here are: 

(a) Building Standards Law No. Han-67 1974 (18) 

(b) Building Standards Law Enforcement Order No. SEI-242 1973 (18) 

(c) Ministry of Construction Notifications, 1950 and onward (3) 

Generally speaking, there are four major fundamental areas of aseismatic 
design provisions being treated differently in both building codes; namely, 
equivalent static seismic force, live load, increment of allowable stress for 
temporary load and special structural designs. 

(A) Equivalent static seismic force 

In both building codes, the basic design approach is the same to 
use the equivalent static seismic force for aseismatic design, but the deriva
tion of the formulae is different. In Japan, the derivation was based on the 
assumption of a simple rigid body moving together with the ground (3). The 
formulae of the UBC were cognizent of the principal factors which influence 
the dynamic response of a structure to earthquake ground motion (11,14, 22) 

For a clear expression for comparison, formulae for the equivalent static 
seismic force in both codes is restated in one common form by four variables as: 

F = ZABW 

The variables are tabulated comparatively in Table 2. 

(B) Live Load 

There are significant differences in the treatment of live load for struc
tural design in both codes. The difference existed in three areas; namely, 
(a) intensity of load for various occupancy, (b) reduction of floor live load 
to beam, column and foundation, and (c) contribution to the equivalent static 
seisrnac force o The details are summarized in Table 6. 

(C) Increment of allowable stress for temporary loading 

In both codes, the seismic load is considered as a temporary load, and 
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the allowable stress in the member is permitted to 
loading condition of dead, live and seismic loads. 
ment of allowable stress is 1.5 in Japan, but 1.33 

increase for the combined 
The multiplier for incre

in UBC. 

(D) Special structure designs 

The volume and cases covered in the UBC are much more than in Japanese 
laws, especially for the following cases, which cannot be found in Japanese 
laws. However, this does not mean that those practices are prohibited in 
Japan. 

Generally, in Japan, all the structural calculations and design drawings 
must be submitted to local administrative offices for examination and approval 
which is the same as in the USA. However, the projects for the following cases 
shall be approved by the Ministry of Construction. The design calculation and 
drawings shall be reviewed by the Construction Building Center of Japan, which 
is a chartered agent under the Ministry of Construction (15). Specifications 
and standards which provided by AIJ, as discussed in the next chapter, can 
be used as reference for technical guides to such projects. 

(a) High rise building which height is more than 1~"8 ft. (45 m). 

(b) The plastic design and analysis method for steel structures. 

(c) Dynamic analysis method based on earthqua.ke response spectra for 
aseismatic structural design. 

Cd) Any special design or construction method which is not covered in 
the bUilding code. 

IV. Steel Structural Design Specifications 

It is almost universally true that a design engineer's work must depend 
on two kinds of local documents. The first one is the official building code. 
The code gives fundamental regulations for building design and construction 
that must be observed in every building design. The second one is the design 
specifications and standards recommended by local professional societies and 
industries. The specifications offer the basic design concepts, stress de 
termination, detailed designing of structural members, etc. to comply and to 
complement the official building code. 

In Japan, the name of this important document for steel structural design 
is "Specifications for Steel Constructior." 1970 edition (2), sponsored by the 
Architectural Institute of Japan, hereafter briefed as AIJ. 

In the USA, the name of the aforementioned document is "Specifications 
for the Design, Fabrication and Erection of Structural Steel for Buildings, 
adopted February 1969" "(1), sponsored by the A.merican Institute of Steel Con
struction, hereafter briefed as AISC. 

Each specification offers a hundred pages of information. It is imposs
ible for the author to make a detailed comparison between them in this limited 
length paper. Therefore, only a general review and brief comparison of some 
special interesting points are given here. 
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(A) AlSC covered more and a wider range of topics in one single volume 
of specifications than the AIJ. However, the AIJ issued separate standards 
to handle the following cases which were not included in Ref. (2). 

(i) Ref. (4) for plastic analysis and design method 
(ii) Ref. (5) for composite construction 

(iii) Ref. ~) for simple and continuous span 
(iv) Ref. (7) and (8) for fabrication, erection, quality control 

(B) AISC offers more information for the application of new high-strength 
steel and more kinds of high-strength steel. However, the policy of the AlSC 
is to issue individual volumnes of a supplement yearly based to keep the spec
ification up to date and this causes a lot· of difficulty for users to handle 
them properly without confusion or ignorance. However, the new issue of the 
AlSC specification supplement is not automatically to be a part of the UBC. 
Generally, the new technical data must be reviewed and adopted by both code 
change committees and the General Assembly of the International Building 
Officials Conference for adoption into the UBC 

(C) The base of formulae to calculate various allowable stresses is 
close to each other in both specifications except different factors of safety 
are used, 

AISC 
AIJ 

Tension 

1.67 
1.5 

Shear 

2.5 
1.5 

Compression 

1.92 
2017 

Bearing 

0.90 
0.91 

(D) Regarding the interaction equation for combined bending and compress
ion, AIJ recommended the simple form to ignore the amplification factor which 
must be considered in AlSC. 

(E) For the calculation of column effect length, AIJ provided more in
formation than AISC, especially for the cases of built-up columns. 

(F) AISC gives more information on design of plate girder, ponding 
problem of the roof system, and design of connections for various restraints 
of members. 

v. Sample Calculations 

A sample design calculation by both codes is presented for the purpose 
of a detailed comparison. The sample building, which was selected from 
pp. 247-286 of Ref. (9), was a three story steel office building. The dimen
sions and layout are shown in Fig. 3, 

Due to limited space of this paper, only the calculated results for col
umns of interior bent (column line B) and the selected section of the interior 
column at the first floor are presented in Table 7. The design assumptions, 
procedures, reference, results, and the final selected section for the criti
cal column section are summarized as follows: 

(1) Results of calculations for both codes (i.e o , Japan and UBC) are 
presented in CGS system. 

(2) Dead load and snow load on the roof are the same in both calculations 



732 

as used in Ref. (9)0 

(3) The listed live loads for office buildings in Table 6 were used 
here. The calculated percentage of live load reduction for the UBC was 38.89%. 

(4) The frame analysis for the vertical loads only (dead and live loads) 
was calculated by the MOment Distribution Method for the case of Japan as used 
in Ref. (9). But the Stiffness Analysis Method of the STRUDL computer program 
(19) and analytical procedure in Ref. (10) were used for the case of UBC. 
The results are reported in columns (4), (5) and (6) of Table 7. 

The member stiffness for input of both preliminary analysis is the same 
as used in Ref. (9). 

(5) The coefficients for equivalent static seismic force as listed in 
Table 2 were calculated as follows: 

Japan 
UEC 

z 

1.0 
1.0 

A 

0.2 
0.078 

W-Japan and W-UBC are W as defined in Table 2. 

B 

1.0 
0.67 

F 

0.2 W-Japan 
0.0523 W-UBC 

The distributed shear force at each level of columns of interior bent 
(column line B) are reported in column 7 of Table 7. This force in the case 
of Japan was calculated by the "MUTD D-Method". The details of this method 
can be found in Ref. (9). The detailed calculation procedure for the dis
tribution of shear force for the case of UBC can be found in Ref. (12). 

(6) Usually the manual calculation of the frame analysis for combined 
vertical and lateral load (dead, live and seismic loads) is very tedious. 
In Japan, the "MUTO D-Method" offered a very easy, simple and reliable calcu
lation procedure. for rigid frames under 6 stories high. This method is very 
popular in Japan, not only for steel structural frames, but also for -rein
forced COncrete structural frames o The details of this method can be found 
in Ref. (9), (3). 

The frame analysis for the UBC case was calculated by the Stiffness 
Analysis Method of STRUDL computer program (19) and by the analytical procedure 
explained in Ref. (12), which includes the additional effects of overturning 
moment and accidental horizontal torsion. Due to the building is a low rise 
and regular in shape, the additional effect of overturning moment and acci
dental torsion is very small. The results of the analyses are recorded in 
column (8), (9) and (10) of Table 7. 

(7) The "Net Combined" of column (14)(15) and (16) of Table 7 is the 
figures of column (11),(12) and (13) divided by the permitted increment of 
allowable stress by both codes, which is 1.5 by Japan and 1.33 by UBC. The 
figures of columns (14),(15) and (16) are the net different results by both 
codes for combined dead, live and seismic loadings. 

(8) Based on the steel column design procedures in Ref. (9) and (10) 
or Ref. (2) and (1), the most critical column section of the bent-B, the 
interior column at first floor was calculated. The results are: 



Japan 

UBC 

Japanese H-section 250x250x9x14 at 72.4 kg/m 

Japanese H-section 200x200x8x12 at 49.9 kg/m 

The Japan ss4l steel was used. The Fy is 2.4 t/sq. cm. 
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The calculated column K-factor for UBC case was 1.17 which was based on 
the assumption that the structure possesses the same properly designed footing 
as used in Ref. (9) for both cases. 

(9) After a close examination on the results in Table 7, the following 
facts can be summarized: 

In the case of structural design for normal loading conditions; 
i.e., under dead and live load only, regardless the different unit live load, 
rules of reduction of live load and analytical methods, the end results in 
terms of axial load and moments for the critical sections of the whole struc
ture are very close to each other. 

The difference of effect of seismic load to the structural design 
by both codes is significant. However, the difference became smaller as the 
design progresses to the completion, which can be illustrated as follows for 
the critical section of interior column at first floor. 

Seismic 
Shear Force 

Col. (7) 

Japan 5.4 = 4.75 
UBC 1.38 

Combined End 
Moment 

Col. (16) 

7.47 = 3.41 
2.19 

Weight Of 
Column Section 

72.4 '" "1.45 
49.9 

The decrease of difference is logical which reflects the role of the 
seismic force in each stage of design. It is obvious the difference will be 
reduced more when the comparison is at the stage of total cost of the build
ing if the costs for both cases can be calculated on the same base. 

VI. Conclusions and Recommendations 

Official building codes, as well as structural design specifications and 
practices of Japan and the USA, were briefed and compared through a sample 
calculation. The result of the calculation showed the codified safety regu
lation in Japan provided significantly higher degree of safety than UBC. 
However, on the other hand, the geology and seismological statistics informed 
us that the frequency and magnitude of earthquakes are also more severe in 
Japan than in the USA. 

The comparison work of this paper accidentally indicated that there is 
a great possibility that the codified seismic safety regulations can be 
correlated with the earthquake magnitude Richter scale. 

For years, it was cri"ticized that the codified seismic safety regulations 
do not provide any guide as to the safety levels that they imply (13); there
fore, the following research work is recommended to meet the urgent needs of 
an international aseismatic building code. 
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(1) Based on the seismology and engineering data of developed countries 
such as Japan and the USA, to develop an international aseismatic building 
code, the codified safety regulations must be correlated to the recorded 
earthquake magnitude Richter scale and using the modified Mercalli intensity 
scale as a local modification which can be assigned as desired to locations 
without intensity records. 

(2) The developers of this new international code must keep in mind that 
the application of this new code is not only to the developed countries, but 
more important and helpful to those developing countries where they are crowded 
by new construction projects, but lack local seismological records except the 
historical data of earthquake magnitude on the Richter scale recorded by re
mote seismological stations. 

TABLE 1 

STATISTICS OF LARGE EARTHQUAKES IN JAPAN AND WIDST COAST U.S.A. 

Date Lat. N 

1901 Apr. 5 45 
1901 Jun. 24 27 
1901 Aug. 9 40 
1903 Jan. 24 31-1/2 
1904 Jun. 7 40 
1904 Aug. 24 30 
1905 Jun. 2 34 
1905 July 6 39-1/2 
1906 Jan. 21 34 
1906 Apr. 18 38 
1909 Mar. 13 31-1/2 
1909 Nov. 10 32 
19l1 Jun. 15 29 
1915 Oct. 3 40-1/2 
1915 Nov. 21 32 
1918 Nov. 8 44-1/2 
1920 Jun. 5 23-1/2 
1922 Jan. 31 41 
1923 Jan. 22 40-1/2 
1923 Sept. 1 35-1/4 
1927 Mar. 7 35-3/4 
1927 Nov. 4 34-1/2 
1932 Dec. 21 38-3/4 
1933 Mar. 2 39-1/4 
1934 Dec. 31 32 
1940 May 19 32.7 
1941 Nov. 18 32 
1944 Dec. 7 33-3/4 
1946 Dec. 20 32-1/2 
1952 Mar. 4 42-1/2 
1952 July 12 35.0 

California 
Long. W 

ll5 

123 

ll7-1/2 
ll5 

125-1/2 
124-1/2 

121-1/2 
ll8 

ll4-3/4 
115.5 

119 

Japan 
Long. E 

148 
130 
144 

134 
130 
132 
142-1/2 
138 

142-1/2 
131 
129 

151-1/2 
122 

139-1/2 
134-3/4 

144-1/2 

132 
136 
134-1/2 
143 

Magnitude 
In Richter 
Scale 

8 
8 
8 

7+ 
8 
8 
8 
8 
8.4 

8.3 
8-1/4 
8 
8.7 

7.6 
7.1 

8 
8-1/4 

7.6 
7.3 

8.3 
8 

7.5 
7.3 

8-3/4 
7.1 
7.1 

8 
8-1/4 
8.5 
8.6 

7.7 
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TABLE 2 - COMPARISON OF EQUIVALENT STATIC SEISMIC FORCE 

Japan 

Lateral force at each floor 
level 

Dead load and specified live 
load as in Table 6. 

3 zone coefficient 1.0, 0.9 and 
0.8 as shown in Fig. 1. 

0.2 for height ~ 16M 
0.2 + D for height> 16M 
D = 0.01 for every 4M over 16M. 
0.3 for water tank, chimney pro
ject from roof. 

Modification factor for the 
ground conditions as shown in 
Table 3. 

UBC* 

Total lateral force or shear at 
base to be distributed to each 
floor level by 

Dead load and snow load only, 
except for storage occupancy plus 
25% of the floor live load. 

3 zone coefficient 1.0, 0.5 and 
0.25 as shown in Fig. 2 

Dynamic factor 

Structural stiffness factor as 
shown in Table 4. 

Remarks (1) "A" can be reduced to 50% 
by the Minister of Construction 

(1) The product of AB shall be 
simplified to one single factor 
Cp for part or portion of build
ing or other structures as shown 
in Table 5. 

(2) The product of AB shall not 
be less than 0.5. 

(2) The effects of 5% accident 
horizontal torsion and overturn
ing moment should be included. 

* Symbols and notations please refer to p. 127 of Ref6 (16) due 
to shortage of space in this paper. 

TABLE 3 - MODIFICATION FACTOR OF THE SEISMIC COEFFICIENT ACCORDING TO THE 
GROUND CONDITIONS FOR THE STEEL FRAMED CONSTRUCTION IN JAPAN 

I. Ground consisting of rock, hard sandy gravel, etc. classified as 0.6 
tertiary or older strata over a considerable area around the 
structure. 

II. Ground consisting of sandy gravel, sandy hard clay, loam, etc. 0.8 
classified as diluvial, or gravelly alluvium, about 5 meters or 
more in thickness, over a considerable area around the structure. 
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TABLE 3 - (Cont'd.) 

Ill. Standard ground except Kind II, consisting of sand, sandy clay, 1.0 
clay, classified as alluvium. 

IV. Bad and soft ground which falls in one of the following cate
gories: 

1) Alluvium consisting of soft delta deposits, topsoil, mud or 
the like (including heaping up, if any), whose depth is about 
30 meters or more. 

2) Filled ground which falls in one of the following items. 1 0 0 
A. Land obtained by reclamation of a marsh, muddy sea bottom, 

All 

etc. 
B. Earth filling is bad and soft such as topsoil and mud. 
C. rhe depth of earth filling is about 3 meters or more. 
D. Thirty years have not yet elapsed since the time of 

reclamation. 

TABLE 4 - VBC STRUCTURAL STIFFNESS K 

TYEe of Arrangement of Resisting Elements 

building framing systems except as hereinafter classified 

Buildings with a box system 

Buildings with a dual bracing system consisting of a ductile 
moment resisting space frame and shear walls using the follow-
ing design criteria: 
(l) The frames and shear walls shall resist the total lateral 
force in accordance with their relative rigidities considering 
the interaction of the shear walls and frames 
(2) The shear walls acting 'independently of the ductile mo-
ment resisting portions of the space frame shall resist the 
total required lateral forces. 
(3 ) The ductile moment resisting space frame shall have the 
capacity to resist not less than 25 percent of the required 
lateral force. 

Buildings with a ductile moment resisting space frame designed in 
accordance with the following criteria: The ductile moment re-
sisting space frame shall have the capacity to resist the total 
required lateral force. 

Elevated tanks plus full contents, on four or more cross-braced 
legs and not supported by a building 

Structures other than buildings and other than those set forth 
in Table 5. 

Value 
K 

1.00 

1. 33 

0.80 

0.67 

3.00 

2.00 

of 



TABLE 5 - UBC HORIZONTAL FORCE FACTOR "Cp" FOR PARTS OR 

PORTIONS OF BUILDINGS OR OTHER STRUCTURES 

Direction 
Part or Portion of Building* Of Force 

Exterior bearing and non bearing walls, interior bear- Normal to 
ing walls- and partitions, interior nonbearing walls flat 
and partitions over 10 feet in height .. masonry or surface 
concrete fences over 6 feet in height . 

cantilever parapet and other cantilever walls, except Normal to 
retaining walls. flat 

surface 

Exterior and interior ornamentations and appendages Any 
direction 

When connected to, part of, or housed within a building: 
towers, tanks, towers and tanks plus contents, stor- Any 
age racks over 6 feet in height plus contents, chim- direction 
neys, smokestacks and penthouses. 

When resting on the ground, tank plus effective mass Any 
of its contents direction 

Floors and roofs acting as diaphragms Any 
direction 

Connections for prefabricated structural elements Any 
other than walls, with force applied at center horizontal 
of gravity of assembly. direction 

1< Only portion of the table of UEC was present here for the 
purpose of comparison 

TABLE 6 - COMPARISON OF LIVE LOAD 

Unit: Lbs. per Sq. Ft. (kg per sq. ft.) 

For Girder, For 

737 

Value Of 
Cp 

0.20 

1.00 

1.00 

0.20 

0.10 

0.10 

0.30 

(W) of Seis-
For Floor Column, mic Force (F) 
Slab Foundation Calculations 

Japan UBC i< Japan UBC** Japan UBC 

l. Residential 36.9 40.0 26.6 40.0 12.3 None 
(180) (195) (130) (195) (60) " 

Hospital Wards 36.9 40.0 26.6 40.0 12.3 II 
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TABLE 6 - Cont'd. 

For Girder, For (W) of Seis-/ 
For Floor Column, mic Force (F) 
Slab Foundation Calculations 

Japan DBC Japan>~ DBC** Japan DBC 

(180) (195) (130) (195) (60) None 
or 1000 lb 
(454) kg 

2. Office Room 61.5 50.0 36.9 50.0 16.4 None 
(300) (244) (180) (244) (80) 

or 2000 lb 
(909) kg 

3. Class Room 47.1 40.0 43.0 40.0 22.5 None 
(230) (195) (210) (195) (110) 

or 1000 lb 
(454) kg 

4. Sales room in 61.5 75.0 49.2 75.0 26.6 None 
Department (300) (365) (240) (365) (130) 
Store or Shop or 2000 lb 

(909) kg 
5. Assembly Hall 

Fixed Seat Area 61.5 50.0 55.3 50.0 32.8 None 
(300) (244) (270) (244) (160) 

Other Area 73.8 100.0 67.6 100.0 43.0 
(300) (488) (330) (488) (210) 

6. Garage 
General Storage 112.7 100.0 82.0 100.0 41.0 None 

(550) (488) (400) (488) (200) 
or *'i'r:* 

Private Storage 112.7 50 82.0 50.0 41.0 None 
(550) (244) (400) (244) (200) 

or 2000 lb 
7. Storage 

Light 82.0 125 82.0 125.0 82.0 31.3 
(400) (610) (400) (610) (400) (152) 

Heavy Actual 250 Actual 250.0 Actual 62.5 
(1220) (1220) (305) 

-,-
" In Japan, live load reduction for calculation of axial stress in column 

and foundation shall be 

Number of Floors Supported 

Value to be multiplied for 
reduced live load 

as follows: 

1 

100% 

.2 3 

95% 90% 

More than 4 

5% additional reduc
tion for each floor, 
but not less than 
60%. 

** In DBC, the unit live load reduction shall be the smaller one of the fol
lowing two formulae: 

A. 8% per sq. ft. of area supported by the member for live load less than 
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100 lb/sq. ft. and support area by the member more than 150 sq. ft. 
The maximum reduction is 40% for horizontal member and 60% for vert
ical member. 

B. Reduction in percent = 23.1 (1 + deal load/live load). For storage 
live load exceeding 100 lb/sq. ft., 20% reduction for column, but 
none f9r girder. 

*** 2 or 3 concentrated loads shall be spaced 5 feet in center. Each of them 
shall be 40% of the gross weight of the maximum size vehicle to be 
accommodated. 
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REDUCTION F4CTORS FOR SEISMIC FORCeS 

Fig. 1 Japan 
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SUMMARY 

745 

Some highlights of the new 1975 Turkish Earthquake Resistant Design 
Code are presented in comparison with other major codes. The seismic zoning 
factors are increased in the new code; therefore, the resultant seismic 
coefficients are higher than the 1968 Code and the UBC 1970. 

A new spectrum factor of the seismic coefficient is formulated In the 
new code. The spectrum factor is given as a function of the natural periods 
of vibration of both the structure and the underlying soil layer. The 
inclusion of the natural period of vibration of soil into the spectrum 
factor is discussed in light of recent research results and investigations 
of the causes of past earthquake damages. 

The methods of determination of the natural period of structure are 
reviewed. 

Conclusions are drawn as a result of the comparlsons made. 
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INTRODUCTION 

Turkey lS a natural laboratory for earthquake engineering. 

During the last 50 years, destructive earthquakes have claimed their 
toll both in life and property (over 60 000 deaths and 360 000 structures 
destroyed). In the last five years, five destructive earthquakes occurred 
(Gediz-1970, Burdur-197l, Bingol-197l, lzmir-1974, Lice-1975). 91.4% of 
Turkey is within the four seismically active zones of the five zone seismic 
risk map (9). Therefore, an extensive number of rural housing most of which 
is built without engineering assistance (approximately 4xl0 6 ), modern high
rise structures as well as numerous industrial plants and dams are prone to 
earthquake danger. 

Turkey is within the family of countries which has had an earthquake 
resistant design code for many years. Both public and private organizations 
are aware of the gigantic material losses as well as the dangers to lives 
caused by earthquakes and realize that only through earthquake resistant 
design and construction can the earthquake hazard be minimized. In light of 
the damages that occurred during the above cited recent earthquakes and 
changes made in the new seismic risk map which went into effect in 1973, 
the 1968 Turkish Earthquake Resistant Design Code (TERDC) is changed with a 
new one that went into effect on June 9, 1975 (4). 

The highlights of the new code are to be examined herein. The various 
parameters of the equations for the seismic coefficient of major earthquake 
resi'stant design codes of other countries are compared with the new code. 

SEISMIC COEFFICIENTS OF THE CODES 

All codes listed in the World List advocate the seismic coefficient 
concept for earthquake resistant design of structures (5). This is done 
with the understanding that unless other reliable methods of determination 
of earthquake forces and dynamic analysis of structures due to these forces 
can be applied, then the structures will be designed for the minimum equiva
lent lateral static load expressed in terms of the percentage of the weight 
of the structure 

v = C W (1) 

where C is the seismic coefficient, W is the weight of the structure plus 
some percentage of live loads and V is generally termed as the base shear 
force. The percentage given by C is considered to be equal to the force 
created by that acceleration (expressed in terms of percentage of the 
acceleration of gravity) the building experiences laterally during an 
earthquake. 

It used to be the simpler the terms of the seismic coefficient, the 
easier the calculations and the earthquake resistant design. However with 
vast amount of theoretical and experimental research on dynamic elastic and 
inelastic behavior of structures and components, on soil-structure inter
action and post-earthquake investigations of the causes of damages of 
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structures during earthquakes, the determination of the seismic coefficients 
is constantly being revised and improved. Rinne suggests that while perhaps 
a unified code is not necessary for all countries, more uniform expressions 
of the principles needed to be applied to resist earthquake motions in man
made structures is desirable (5). 

Summary of Seismic Coefficients of Various Codes 

The expressions for seismic coefficients of both the 1968 and 1975 
TERDC as well as of various other codes are tabulated in Table I. 

Most codes listed in Table I advocate a seismic risk zoning factor and 
a spectrum factor. The other factors are : factor for type of structure and 
structure importance factor. There is also a soil factor which in some 
codes is included in the spectrum factor. However, the seismic zoning and 
the spectrum factors are the dominant factors of the seismic coefficient. 

The seismic zoning factor is based on the seismic risk zoning maps of 
each country. The seismic risk zoning map of Turkey is shown in Figure 1. 
The spectrum factor is related to the acceleration response of the structure; 
therefore also commonly is called as the response or dynamic factor. The 
spectrum factor in most codes is expressed as a function of the natural 
period of vibration of the structure and oth~r parameters if applicable. 

The spectrum factor of the 1968 TERDC was equal to unity for structures 
whose periods are less than 0.5 seconds and equal to 0.5T- 1 for structures 
whose periods are greater than 0.5 seconds. This spectrum factor is typically 
similar to the first seismic coefficient (put forward by the Joint Committee 
of the San Fr~ncisco Section of ASCE and SEAOC) which adopted the period of 
the structure as an important parameter. The code of the Architectural 
Institute of Japan (AIJ) still retains similar expressions for buildings 
with heights, h>45 meters (6). Another widely used version of spectrum 
factor is the originally 1957 SEAOC factor which is still in the 1970 UBC 

(11) as C = 0.05T-l / 3 with modification by a factor of 10 in the 1970 
o -1/3 

revision of the Indian Code, 0.5T (2). The factor of 10 is taken care 
of by adjusting the seismic zoning factor accordingly. 

More up to date expressions of the spectrum factors incorporate the 
local soil conditions. The Chilean Code uses : 

c 
o 

2TT 
o 

0.1 2 2 
T + T 

o 

equation where T and T are the natural period of 
and of vibration of 0 the underlying soil layer 
TERDC uses the expression (5) : 

1 
S = 10.8 + T - T I 

o 

(2) 

vibration of the structure 
respectively. The 1975 

(3) 

with limitation that maximum value of S = 1.0. The proposed Japanese Building 
Research Institute Code (6) which is put forward to unify all codes in Japan 
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uses 

C a 
0.35S' 
T-G (4) 

where S' (0.9 or 1.0) 1S the construction factor and G (-0.75, 0, 0.5, 0.75) 
1S the soil factor. 

The above cited seismic coefficients of the codes listed in Table I 
are shown in Figures 2 and 3. In both figures, only the highest severity 
seismic zones are considered and the factors for the type of structure 
and importance of the structure are both taken as unity. In Figure 2 the 
1968 TERDC, UBC 1970 and 1975 TERDC seismic coefficients are compared. It 
is seen that the 1968 TERDC yields seismic coefficients that are lower than 
the UBC 1970. For building periods T>l, the seismic coefficients of the 
1968 TERDC is approximately half those by the UBC 1970. 

The investigations by Bertero and Collins following the 1971 San 
Fernando Earthquake resulted in criticisms of the 1970 UBC seismic 
coefficients which especially for T<2 seconds (particularly for O.l<T<l 
seconds) yielded base shear forces that were too low (1). Therefore, in 
Turkey with less advanced construction technology and not so adequate 
quality control, the 1968 TERDC had to be changed in a way so that higher 
and adequate seismic coefficients could be used in design. The resulting 
1975 TERDC yields for T<2 seconds, seismic coefficients higher than UBC 
1970 for all soil conditions. However, still,the main reason for the 
increases in the seismic coefficients of the 1975 TERDC is due to the 
increase of seismic zoning factors. 

In Figure 3, the seismic coefficients of the 1975 TERDC are compared 
with those of the Chilean Code and AIJ Code of Japan. In Table I, the 
spectrum factor'S for the 1975 TERDC is shown to have a maximum value of 
unity, Therefore, accordingly, with the highest seismic zoning factor of 
0.1, the seismic coefficient of the 1975 TERDC is kept at 0.1 provided that 
K and I factors (Table I) are taken as unity. Plots of the seismic coeffi
cients for the 1975 TERDC and the Chilean Code have been made both for the 
lowest (hard rock) and highest (soft soil) T . Both codes still yield 
seismic coefficients that are lower than theoAIJ Code of Japan. 

In the 1975 TERDC, the applicability of the seismic coefficient equation 
lS limited to those structures with continuous load carrying elements such 
as columns and shear walls. The use of the equation is also limited to 
structures with less than 75 meters height. For higher structures reliable 
dynamic analysis methods are recommended. However, the base shear force 
determined by dynamic analysis is not permitted to be less than 70% of the 
base shear force determined by the seismic coefficient equation. In Japan 
different seismic coefficient equations are recommended for structures of 
different heights (Table I). 



Soil Related Factors 

To incorporate local soil conditions, some codes simply provide a 
factor. The Indian Code (2) uses a soil factor between 1.0 and 1.5. The 
1968 TERDC provided soil factors 0.8, 1.0 and 1.2.The Chilean Code and 
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the 1975 TERDC take care of the local soil conditions by incorporating the 
natural period of vibration of the underlying soil layer, T within the o 
spectrum factor. 

The Caracas Earthquake of 1967, the San Fernando Earthquake of 1971, 
the Gediz (Turkey) Earthquake of 1970 and several other earthquakes caused 
damages to structures that were attributed to the lack of consideration of 
local soil conditions. Seed as well as other researchers pointed out the 
influence of local soil conditions on the characteristics of ground surface 
motions and therefore the response of structures (7). If T and T are close 
figures, the response of the structure is amplified (resonance pRenomenon). 
Seed even suggests a factor to change the base shear force by a factor of 
1 to 5 according to the characteristics of the underlying soil layer (8). 
No provision in any code is given for T :::: T • 

o 

In the 1975 TERDC, if the thickness of the soil layer is less than 
50 meters, then the natural period of the underlying soil can be taken 
from a provided table which is detailed enough for the designer to use. 
Should the underlying soil layer thickness, H, exceed 50 meters, then the 
shear wave velocity, Vs (meters/second) which can be obtained from a 
detailed table in the Code unless other methods are not applicable lS used 
In the equation for the natural period of vibration of the soil : 

T 
o 

4H v 
s 
-1 

Natural Period Calculation for Structures 

(5) 

The natural period of vibration of a structure within a spectrum 
type of factor appears in most codes discussed herein. In the 1975 TERDC 
as in the 1968 TERDC, the SEAOC empirical formula 

T = 0.09h D-0 •5 
(6) 

lS retained. In this formula, h (in meters) is the height of the structure 
and D (in meters) is the width of the structure in the direction that 
vibration is considered. A second formula that depends on the number of 
storeys (N) of framed structures 

T = 0.1 N (7) 

that appeared both in UBC 1970 and 1968 TERDC ~s revised In the 1975 TERDC 
as 

T = (0.07 ~ O.lO)N (8) 

Use of these equations lS limited to structures with h<35 meters. Also, 
use of the lower value of either equation is recommended. 
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Degenkolb suggests further research in use of equation 6 in order to 
estimate the value of natural period better (3). More recently, Bertero 
and Collins (7) indicated that more realistic methods of estimation of the 
natural period of vibration are necessary. 

A more rational equation that is widely used ~n Japan (10) and 
based on Rayleigh's method ~s : 

T = (0.16 ~ 0.20) 6 (9) 

where 0 is the static uppermost story deflection (in centimeters) calculated 
by loading the structure as a flagpole at every floor by the lateral force 
equivalent to the weight of that floor. The rationality of the equation is 
that the structure stiffness is more realistically idealized and considered 
in calculation of 6. 

Distribution of the Base Shear Force 

UBC 1970 equation for distribution of the base shear f6rce is adopted 
in the 1975 TERDC. 

TORSIONAL MOMENTS IN THE 1975 TERDC 

To the eccentricity between the center of rigidity and mass, 5% of the 
width which is perpendicular to the direction of the earthquake force under 
consideration is to be added and the sections of members are to be checked 
for the torsional moments created by such eccentricity. 

ALLOWABLE STRESSES 

The factor of safety for earthquake resistant design of structures is 
increased by reduction of the increment of the allowable stresses of both 
concrete and reinforcing steel from 50% in the 1968 TERDC to 33% in the 
1975 TERDC. 

DUCTILITY CONSIDERATIONS 

In the 1975 TERDC, the recommendations for detailing the members and 
joints are such that ductile characteristics are provided. In general, ACI 
318-71 seismic design provisions and suggestions are adopted for detailing 
lateral reinforcements of columns, girders and shear walls and anchorage 
lengths. 

As in UBC 1970, the seismic coefficient is reduced by a factor (K) of 
0.6 for ductile framed structures. For non-ductile structures, the factor 
K can be as high as 1.60. 
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CONCLUSIONS 

The new 1975 TERDC yields seismic coefficients that are higher than 
those by both the 1968 TERDC and UBC 1970. This is mainly due to increases 
~n the seismic zoning factors. 

In the new code, as in the Chilean Code, incorporation of the natural 
period of underlying soil layer into the spectrum factor is an improvement 
and reflects the suggestions of current researches as well as the principles 
of structural dynamics. It is expected that more rational evaluation of the 
probable base shear force that the structure is to be designed for will be 
possible with the new spectrum factor. However it is believed that some 
restrictions must be brought for cases when the period of structure is 
approximately same as that of the underlying soil layer. 

Certain limitations as to the applicability of the seismic coefficient 
equation has been introduced. For structures higher than 75 meters, dynamic 
analysis is recommended in the new code. For structures higher than 35 meters, 
methods other than formulas are recommended for determination of the natural 
period. This is in accordance with the availability of digital methods for 
the designer. 

Criticisms of the UBC 1970 are summarized to be in its lacking a soil 
factor as well as in its yielding low base shear forces. 

For determination of the natural period of the structure, methods that 
depend on stiffness of the structure are more reliable. Although not 
discouraged dependence on simplified formulas, is cautioned. 

Further improvements and revisions of all codes will take place with 
time. It is believed that the 1975 TERDC brings with it up to date concepts 
and higher factors of safety for earthquake structural engineering in Turkey. 
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COMPONENTS AND SYSTEMS FOR NUCLEAR POWER PlANTS 
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SUMMARY 

This paper identifies and provides a brief summary of the codes, 
standards, and code of federal regulations corrently being used in the 
design of safety related structures, components and systems for Nuclear 
Power Plants. Also discussed are the current requirements that must be 
applied prior to issuance of a construction permit and operating 
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license for nuclear power plants. The current status and brief summaries 
of the codes and standards are presented in this paper~ 

INTRODUCTION 

The basic requirements for the seismic and analysis of safety re
lated structures, components, and systems important to public safety 
are given in mandatory and nonmandatory Regulatory Standards, Regulations, 
Regulatory Guides and Industry Standards. During the last decade, 
various aspects of these requirements have been standardized for the 
many nuclear plants under design or construction. At present, approxi
mately 56 nuclear power plants are in commercial operation while 
applications for construction and operating permits are under review 
by the Nuclear Regulatory Commission for approximately 85 additional 
nuclear power plants. In all cases, safety related structures, systems 
and components are designed in accordance with NRC Regulations, 
Regulatory Guides and various standards prepared by the American National 
Standards Institute (ANSI). ANSI standards are developed by ~embers of 
the working groups from the American Nuclear Society (ANS), the Institute 
of Electrical and Electronics Engineers (IEEE), the American Society of 
Mechanical Engineers (ASME), and other national engineering organizations. 

* 
,;':* 

Engineering Specialist 
Engineering Supervisor Preceding page blank 
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In addition to ANSI Standards, organizations like the American Concrete 
Institute, the American Society of Civil Engineers; the Uniform Building 
Code and the Structural Engineers Association of California (SRAOC) have 
also prepared some requirements for the seismic design and analysis of 
the structures. 

NRC Regulatory Guides are issued to describe and make available the 
public methods acceptable to the NRC staff of implementing specific parts 
of the Commission's regulations and to delineate techniques used by the 
staff in evaluating specific problems or postulated accidents or to pro
vide guidance to applicants. These Regulatory Guides are not substitutes 
for regulations and compliance with them is not required. The methods 
and solutions different from those set out in the guides are acceptable 
if they provide a basis for the findings requisite to the issuance or 
continuance of a permit or license by the Commission. In addition to 
Regulatory Guides, standard review plans are prepared for the guidance 
of the Office of Nuclear Reactor Regulations staff responsible for review 
of applications to construct and operate nuclear power plants. 

Table I shows the list of various mandatory and nonmandatory 
regulations and standards issued by the NRC. Table II shows the list of 
various standards from the industry. Both types of standards are dis
cussed below. 

CODE OF FEDERAL REGUIATION 

o 10 CFR Part 50, Appendix A "General Design Criteria for Nuclear 
Power Plants" 

General Design Criteria 2 of 10 CFR Part 50 of Appendix A requires 
that structures, systems, and components important to safety shall be 
designed to withstand the effects of natural phenomena such as earth
quakes without loss of capability to perfonu their safety functions. 
The design bases for these structures, systems; and components should 
include, 

(a) Appropriate consideration of the most severe of the natural 
phenomena that have been historically reported for the site 
and surrounding area, with sufficient margin for the limited 
accuracy, quantity, and period of time in which the 
historical data have been accumulated. 

(b) Appropriate combinations of the effects of normal and 
accident conditions with the effects of the natural 
phenomena, and 

(c) The importance of the safety functions to be performed. 

o 10 CFR Part 100 "Reactor Site Criteria" and Appendix A "Seismic 
and Geologic Siting Criteria" 

Regulation 10 CFR 100 describes the basic criteria in evaluating 
license applications for either construction or operating permit for 



nuclear power plants required by 10 CFR Part 50. This regulation also 
describes the radiation dose limit to the population which must not be 
exceeded during a major hypothetical accident. The purpose of the 
Appendix A to 10 CFR 100 is to set forth the principal seismic and 
geologic considerations which guide the Commission in its evaluation of 
the suitability of proposed sites for nuclear power plants and the 
suitability of the plant design bases established in consideration of 
the seismic and geologic characteristiFs of the proposed sites in order 
to provide reasonable assurance that the nuclear power plant can be 
constructed and operated at a proposed site without undue risk to the 
health and safety of the pUblic. 

This appendix also defines the Safe Shutdown Earthquake for which 
safety related systems must be designed to remain functional. The 
Safe Shutdown Earthquake (SSE) is that earthquake which is based upon 
an evaluation of the maximum earthquake potential considering the 
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regional and local geology and seismology and the specific characteris
tics of local subsurface material. This appendix further defines an 
Operating Basis Earthquake (OBE) as an earthquake which produces vibrating 
ground motion for which those features of the nuclear power plant 
necessary for continued operation without undue risk to the health and 
safety of the public are designed to remain functional, and considering 
the regional and local geology and seismology and specific characteristics 
of local subsurface material, which could reasonably be expected to 
affect earthquake vibratory motion at the plant site during the 
operating life of the plant. 

USNRC REGULATORY GUIDES AND STANDARD REVIEW PLANS 

o Regulatory Guide 1.60(1) provides· the NRC requirements for the shape 
of the horizontal and vertical design response spectra. The horizontal
component ground-design response spectra of the SSE or the OBE on sites 
underlain by rock or soil, without soil-structure interaction effects, 
should be linearly scaled from Figure 1 of this guide, in proportion to 
the maximum horizontal ground acceleration specified for the earthquake. 

The design basis for maximum vibratory ground motion and acceleration 
is determined by evaluation of the detailed geology and seismic history 
of the site and its nearby region. Minimum required value of the hori
zontal ground acceleration for any site is 0.1 g for the SSE. 

The maximum vertical ground acceleration of the SSE is equal to the 
maximum horizontal ground acceleration of the SSE specified forthe site. 
The vertical component ground-design response spectra of the SSE or OBE 
on sites underlain by rock or soil, without soil-structure interaction 
effects, should be linearly scaled from Figure 2 of this guide, in pro
portion to the maximum horizontal ground acceleration specified for the 
earthquake. 
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Based on the study by Newmark and Blume (2, 3 & 4), the NRC 
regulatory staff has determined the above-mentioned design response 
spectra. These design spectra are based on a statistical evaluation 
of the actual response spectra of sixteen strong-motion earthquakes 
recorded at sites underlain by various geologic materials. 

o Regulatory Guide 1.61(5) states the regulatory position for the 
damping values for seismic design of nuclear power plants. Acceptable 
modal damping values, expressed as a percentage of critical damping, 
are shown in Table IV of this guide. 

o Regulatory Guide 1.12 specifies the regulatory position for the 
instrumentation required for earthquakes. It requires the installation 
of triaxial time-history accelerographs, triaxial peak acce1erographs, 
and triaxial response-spectrum recorders at appropriate locations on the 
seismic Category I structures, systems, and components to provide data 
on the seismic input to containment and on the frequency, amplitude, 
and phase relationship of the seismic response of the containment 
structures and other seismic Category I structures, systems, and 
components. This guide refers to ANSI NI8.S with certain exceptions. 

o Regulatory Guide 1.29 provides a method for use in identifying and 
classifying nuclear plant structures, systems and components to remain 
functional and withstand the effects of safe shutdown earthquake. 

o Regulatory Guide 1.48 provides the regulatory position for seismic 
Category I fluid system components to withstand loading combinations 
within the design limits specified in the appropriate ASME Code, de
pending on code classification for vessels, piping, pumps, acting 
valves, and nonacting valves. 

o Regulatory Guide 4.7 discusses the major site characteristics related 
to public health and safety which the NRC staff considers in determining 
the suitability of sites for light-water cooled and high temperature 
gas-cooled nuclear power stations. Review plans listed in Table I pro
vide useful guidance for NRC's position for seismic design and soi1-
structure interaction analysis for safety related structures whose 
foundations are deeply embedded in soil. 

INDUSTRY STANDARDS 

o ANSI N18.S: "Earthquake Instrumentation Criteria for Nuclear Power Plants 
Revision 0, January 1974 

This standard defines the minimum requirements for an earthquake 
instrumentation system to be installed at nuclear power plants in order 
to provide information on the input vibratory ground motion and resultant 
vibratory response of representative Category I structures, equipment 
and piping should an earthquake occur. By comparing this information with 
the vibratory motions used in the seismic design of the facility, an 
evaluation can be made as to whether or not ' the design vibratory motions 
have been exceeded. This standard was developed by working group 2.2. 
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o ANSI N643: "Guideline for Retrieval, Review, Processing and Evaluations 
for Records Obtained from Seismic Instrumentation 

This standard will cover general philosophy associated with the use 
of data obtained from seismic instrumentation for nuclear power plants. 
Specifically, the standard will present overall philosophy, guidelines 
for retrieval, guidelines for preliminary deSign, specifications for 
data reduction, specification for analysis and guidelines for interpre
tation of results. No specific operator decisions will be defined. This 
standard is under development by working group ANS 2~lO. 

o IEEE 344: Recommended Practices for Seismic Qualification of Class IE 
Equipment for Nuclear Power Generating Stations (IEEE 
Std. 344-1975) 

These recommended practices provide direction for establishing pro
cedures to verify that the Class IE equipment can meet its performance 
requirements during and following one SSE (Safe Shutdown Earthquake) pre
ceded by a number of OBEs (Operating Basis Earthquakes). 

This standard also provides guidance for the seismic qualifications 
of Category I electrical equipment which must demonstrate the ability to 
perform its required function during and after forces resulting from the 
SSE either by mathematical and/or testing of equipment under simulated 
seismic conditions. However, following topics are under consideration 
for future revision to this standard: 

(a) Simplified methods for multiaxis testing 

(b) Expanding the guidance on combined testing and analysis 

(c) Expanding the guidance for power spectral density testing 

o ANSI N635: Guidelines for Combining Severe Environmental Phenomena 
to Determine Design Basis (Under Development) 

This standard will provide guidelines for selecting: 

Combinations of natural hazards 

Combinations of manmade hazards, and 

Combinations of natural and manmade hazards to be used in 
the design of power reactor structures, systems, and 
components. 

Probability level acceptance criteria will be provided for selecting 
combinations of hazardous events at a particular site. Methods for cal
culating probabilities of combinations will be presented. 
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o ANSI N174: Guidelines for Evaluating Site-Related Geotechnical 
Parameters at Power Reactor Sites (Under Development) 

This standard will develop guidelines for evaluating site-related 
geotechnical parameters for nuclear power facilities. Aspects which will 
be considered include: geology, groundwater, foundation engineering, 
earthwork engineering, and earthquake engineering. These guidelines will 
identify the basic geotechnical parameters to be considered in the 
evaluation and design for nuclear power facilities, and will outline the 
investigative and analytical procedures necessary to evaluate them. They 
will also include the identification of those parameters which require 
observation during the construction and post-construction phases. Those 
areas where interrelationships with other standards may exist, will be 
indicated. 

o ANSI N180: Guidelines for Assessing Capability for Surface Faulting 
at Nuclear Power Reactor Sites (Under Development) 

This standard will present guidelines for performing exploratory 
investigations to assess the capability for surface faulting at power 
reactor sites. 

o ANSI N690: Design and Analysis of Steel Safety Class Structures Other 
than Pressure Retaining Components and Their Supports 

This standard will present the design and analysis requirements for 
steel safety class structures other than pressure retaining components 
and their supports. It will include identification of margins of safety. 
This standard will include requirements on materials, fabrication, 
erection, inspection and quality assurance procedures consistent with 
the use of structural steel in Safety Class Nuclear Structures. The 
design providions of the existing AISC building code, which are 
essentially the same as those defined for the ASME Boiler and Pressure Vessel 
Code, Section III, Appendix XVII Linear Supports will be used in this standard. 

o ANSI N18.4: Vibratory Ground Motion for the Design Earthquake 
(Under Development) 

This stand will provide guidance for the determination of seismic 
ground accelerations for design earthquake. 

o ACI Standard: Proposed ACI Standard Code Requirements for Nuclear 
Safety Related Concrete Structures (Feb. 1975) 

This proposed standard covers the design and construction of 
concrete structures which form a part of a nuclear plant and which have 
nuclear safety related functions, but does not cover concrete reactor 
vessels and concrete containment structures. 



o ASME Code: ASME Boiler and Pressure Vessel Code, Section III, 
Division 2 Code for Concrete Reactor Vessels and 
Containments (ACI Standard 359-74) 
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This code establishes rules for the design, construction, inspection, 
and testing of composite concrete and steel components for reactor vessels 
and containments for nuclear power plants. 

Table II lists many other standards which are currently under 
development such as ANSI N166, ANSI Nl67, ANSI N168, ANSI N175 and 
ANSI N690. 

o American Society of Civil Engineers 

In 1973 the Nuclear Structures and Materials Committee of the 
Structural Division of ASeE, initiated an effort to prepare a manual 
for the design of nuclear power plants. As of this writing the manual 
has not been issued. However, in December of 1975 (6)an Ad Hoc Group of 
the same committee presented the draft report "Analyses for Soil-Structure 
Interaction Effects for Nuclear Power Plants". The efforts of the 
Ad Hoc Group and other similar groups are extremely important to the 
designer of nuclear safety related structures. The response of the 
structures and the surrounding soil medium must be first accurately 
and then conservatively modeled. The above report deals with both of 
these important areas. 

CONCLUSIONS 

The basic seismic design and analysis requirements for safety 
related structures, components and systems important to public safety 
have been established by USNRC Regulatory Guides, Code of Federal 
Regulations and Industry Standards. Completion of the various industry 
standards and close coordination with Nuclear Regulatory Commission to 
establish standardized criteria will be a signficant achievement for 
the Nuclear Standardization Program. 
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TABLE I 

Ml\NDATORY REGUlATIONS 

General Design Criteria 2 
"Reactor Site Criteria" 
Appendix A "Seismic and Geologic Siting Criteria 

USNRC REGUlATORY GUIDES 

Regulatory Guide 1.60 Revision I, December 1973, Design Response 
Spectra for Seismic Design of Nuclear Power Plants 

Regulatory Guide 1.61, October 1973, Damping Values for Seismic 
Design of Nuclear Power plants 

Regulatory Guide 1.92, December 1974, Combination of Modes and 
Spatial Components in Nuclear Power Plants 

Regulatory Guide 1. 70 Revision 2, September 1975, "Standard Format 
and Content of Safety Analysis for Nuclear Power Plants" 

Regulatory Guide 1.12 Revision 1, April 1974, Instrumentation for 
Earthquakes 

Regulatory Guide 1.29 Revision 1, August 1973, Seismic Design 
Classification 

Regulatory Guide 1.48, May 1973, Design Limits and Loading Com
binations for Seismic Category I Fluid System Components 

Regulatory Guide I.XXX Seismic Qualifications of Class I Electric 
Equipment (Under Development) 

Regulatory Guide 4.7, Revision 1, November 1975, General Site 
Suitability Criteria for Nuclear Power Stations 

USNRC STANDARD REVIEW PLANS, NOVEMBER 1975 

Section 3.7.1 Seismic Input 
Section 3.7.2 Seismic System Analysis 
Section 3.7.3 Seismic Subsystem Analysis 
Section 3.7.4 Seismic Instrumentation Program 
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Section 3.10 Seismic Qualification of Category I Instrumentation 
and Electrical Equipment 

Section 2.5.1 Basic Geologic and Seismic Information 
Section 2.5.2 Vibratory Ground Motion 
Section 2.5.3 Surface Faulting 
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TABLE II 

INDUSTRY STANDARDS 

ANSI NUMBER TITLE WORKING GROUP 

ANSI N1B.4 Vibratory Ground Motion for ANS 2.1 
the Design Earthquake 

ANSI N 18.5 

ANSI N180 

ANSI N643 

ANSI N174 

ANSI N166 

Earthquake Instrumentation 
Criteria for Nuclear Power 
Plants 

Guidelines for Assessing 
Likelihood of Surface 
Faulting at Power Reactor 
Sites 

Guidelines for Retrieval, 
Review and Processing and 
Evaluations of Records Ob
tained from Seismic Instru
mentation 

Guidelines for Determining 
Foundation Soil and Geo-

I logical Characteristics at 
I Power Reactor Sites 

Seismic Qualifications for 

ANS 2.2 

I ANS 
! 
i , 

2. 7 

2.10 

I ANS 2.11 

I ASME 
Nuclear Power Plant Struc- i Section III 
tures and Mechanical Equip- 1 

ANSI N167 

IEEE Std. 
344-1975 

I 
ment ! 

! 
Seismic Analysis of I ASME 
Category I Structures, I Section 
Systems and Components l 
IEEE Recommended Practices 
for Seismic Qualifications 
of Class IE Electric Equip
ment for Nuclear Power 
Generating Stations 

l IEEE 344 

l 

I 
1 

ASME Code for Concrete 1 ACI-ASME 

III 

i 

Section III Reactor Vessels and 
Div. 2 Code Containments 

) J' C • i olnt ommlttee i 

I : 

STATDS 

Under Development 

Issued on 
Jan. 1974 

Under Development 

Under Development 

Under Development 

Under Development 

Under Development 

Issued on Jan. 
1975 (Rev. of 
ANSI N4l.7. IEEE 
Std. 344) 

1975 Edition, 
January 1, 1975 
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TABLE II (continued) 

INDUSTRY STANDARDS 

ANSI NUMBER TITLE WORKING GROUPS STATUS 

Proposed ACI Code Requirements for ACI-349 Committee Under Development 
Standard Nuclear Safety Related 

Concrete Structures 

ANSI N168 Design and Analysis of ASCE Under Development 
IConcrete Seismic Category 
II Structures Other Than 
I Containment 
I 
I 

i 
I 

ANSI NI7S iGeologic Design Criteria ASCE Under Development 
I , 
i 

ANSI N690 !Design and Analysis of ! -- Under Development 
lsteel safety class 

I jstructures other than 
Pressure Retaining Com- t 

!ponents and Their I 
Support ! 

I 
\ 

, ANSI N689 Requirements for Quali- ! -- Under Development 
fications of Nuclear ! 

Power Plant Safety Re- I 
lated Equipment ! 

1 

ANSI N635 Guidelines for Cornbining I -- Under Development 
Severe Environmental 
Phenomena to Determine 
Design Basis 
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t INTRODUCTION 

In the event of a major seismic disaster, highway networks should 

perform their duties to facilitate the conduct of evacuation, rescue and 

recovery operations with consequent reductions of life and property losses. 

In such a case, bridges, viaducts and so forth, which constitute important 

parts of highways, would decide the fate of each route of highway networks, 

Therefore structural safety of these structures against earthquakes are 

extremely significant. 

In 1966 the Ministry of Construction commissioned the Japan Road 

Association to draw up new comprehensive specifications for earthquake

resistant design of highway bridges in order to rationalize earthquake

resistant design criteria for bridges and accordingly to afford maximum 

protection against earthquakes at minimum cost. In response to the 

commission, the Japan Road Association established a special committee 

and the committee had seriously attempted to draw up new specifications 

through every means available. The committee finished its task in 

January 1971. The Japan Road Association immediately reported to the 

Ministry of Construction. The Ministry of Construction notisfied highway 

administerial organizations of the specifications as ministerial technical 

standards for bridges, viaducts and so forth in the names of the Directors 

of Road Bureau and City Bureau in March 1971. 

The nortifications of the Directors are supplements to Article 5 of 

the Ministry of Construction Ordinance for the enforcement of the Road 

Structure Ordinance which is a governmental ordinance. The legal ground 

is as follows. The Road Structure Ordinance is in force in conformity 

with the Road Law. Article 30 of the Road Law provides that technical 

standards of bridges and other principal structures, which are definitely 

deSignated by a governmental ordinance, may be provided by a govern

mental ordinance. Paragraph 1 of Article 35 of the Road Structure 

Ordinance provides that bridges, viaducts and so forth shall be steel or 

concrete structures or similar ones. Paragraph 2 of Article 35 provides 

the total weights of design live loads, i. e. 20 tons or 14 tons, for bridges 

and so forth. Paragraph 3 provides that necessary matters concerned 
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with structural standards of bridges and so forth shall be provided by a 

Ministry of Construction ordinance. Article 5 of the Ministry of 

Construction Ordinance for the enforcement of the Road Structure 

Ordinance provides that bridges, viaducts and so forth shall be sufficiently 

safe against dead loads, live loads, wind loads, seismic effects and other 

loads which are expected to act on bridges and so forth and combinations 

of loads, considering structural types, traffic situations, topographical, 

geological, meteorological and other conditions. 
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II. OUTLINES OF SPECIFICATIONS FOR EARTHQUAKE-RESISTANT 

DESIGN OF HIGHWAY BRIDGES (JANUARY 1971) 

Since 1956, the earthquake-resistant design of highway bridges had 

been conducted in accordance with the provisions of Section 13 (Section 2, 9 

in the English version) of rlSpecifications for Design of Steel Highway 

Bridges, " which were issued in 1956 by the Japan Road Association origi

nally and revised in 1964 (the English version were issued in 1968) and 

displaced by "Specifications for Highway Bridges" in 1972, The Section 

provided the followings, 

(1) The horizontal design seismic coefficient shall be determined by 

Table 1. 

Table 1. Horizontal Design Seismic Coefficient (Out of Date) 

~-~~ Conditions*' 
Ordinary Weak Firm 

Regions*' 

Where severe earthquakes 
have been frequently O. 35~0. 30 O,30~O,20 0, 20~0. 15 
experienced 

Where severe earthquakes 
0, 30~O, 20 0.20"-'0.15 O,15~O,10 

have been occurred 

Other regions 0,20 0, 15 0, 10 

*no fnrther discription on regions and ground conditions, 

(2) The vertical design seismic coefficient shall be assumed as 0.10, 

(3) Increases in allowable stresses for seismic forces alone or for dead 

loads pIns seismic loads shall be taken as 

70% for steel structures, 

50% for concrete structures and reinforced concrete structures, 

Since the provisions in the Section 13 were not comprehensive, it was 

necessary to draw up new detailed specifications exclnsively for aseismic 

design of highway bridges. Current rlSpecifications for Earthquake-
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Resistant Design of Highway Bridges'! were issued in January 1971, by the 

Japan Road Association, which apply to the design of highway bridges with 

spans not longer than 200 meters, to be constructed on expressways, 

national highways, prefectural highways and principal municipal highways. 

The specifications basically stipulate to employ seismic coefficient 

methods and provide two methods in determining design seismic coeffi

cients. One is the conventional seismic coefficient method that applies 

to the design of relatively rigid structures. The other is the modified 

seismic coefficient method considering structural response that applies 

to the design of relatively flexible structures. The followings are the 

principal points of the specifications. 

(l) The horizontal design seismic coefficient for a rigid structure is 

determined systematically, depending on the geographical location of 

the bridge site, the ground conditions at each sub-structure site, and 

the importance of the bridge. The horizontal design coefficient for a 

flexible structure is determined depending on the fundamental natural 

period of each structural system. 

(a) In the seismic coefficient method that is employed for relatively 

rigid structures, the horizontal design seismic coefficient (Ie h) 

shall be determined by 

where 

kh = III 112 V3 k o ••••••••••••••••••••••••••••• (1) 

k h : horizontal design seismic coefficient, 

ko: standard horizontal design seismic coefficient 

{= 0.2}, 

)/ 1 : seismic z one factor, 

)/ 2: ground condition factor, 

)/3 importance factor. 

The values of )/1 ,)/2 and)/3 are shown in Tables 2, 3 and 4 

res pectively. The definitions of classification are specified in 

the proviSions. The minimum value of kh shall be considered as 

O. 10. 
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Table 2. Seismic Zone Factor vI for General Highway Bridges 

Zone 

A 

B 

C 

Note: Refer to Fig. 1. 

liu.D..Q 
8oundory Llne~ Between Pretectures 
Prefectural UJDilotl 

Bo..Moty LWleS Bet~ $elsrric Zones 
o Zone A 

OZone 8 

m Zone C 

132' 

130' ! 

J36" 

38'··-,-· 

134' 

I I - --~ ----.1 __ 
I ' 

" 1 

I 

3Z' 
134~ 136' 

Value of v
1 

1. 00 

0.85 

0.70 

4okkaido 
44"-· ..,.... ... 

42<)-.-1-

40"-+ ~.~- --~-

B 

138' 

o 40 
I! ! t 

140' 

00 
l 

_·t-·· n -_. 

1440 

A 

34' 

l42" 

120 IW 200l<.m 

--+ t--

Fig. 1. Seismic Zoning Map 

-_.- -+ 46° 
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Table 3. Ground Condition Facton'z for General Highway Bridges 

Group Definitions I} Value ofJi2 

(1) Ground of the Tertiary era or older 
(defined as bedrock hereafter) 

1 
(2 ) Diluvial layer2} with depth less than O. 9 

10 meters above bedrock 

(1) Diluvial layer2} with depth greater 
than 10 meters above bedrock 

2 (2 ) Alluvial layer3} with depth less than 1.0 

10 meters above bedrock 

Alluvial layer3 ) with depth less than 
3 25 meters, which has soft layer4) with 1.1 

depth less than 5 meters 

4 Other than the above 1.2 

(Notes) 1) Since these definitions are not very comprehensive, the 

classification of ground conditions shall be made with 

adequate consideration of the bridge site. 

Depth of layer indicated here shall be measured from the 

actual ground surface. 

2) Diluvial layer implies a dense alluvial layer such as a 

dense sandy layer, gravel layer, or cobble layer. 

3) Alluvial layer implies a new sedimentary layer made by 

a landslide. 

4) Soft layer is defined in Section 3. 7 "Soil Layer Whose 

Bearing Capacities are Neglected in Earthquake Resistant 

D . " eSlgn . 
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Table 4. Importance Factor /.1 3 for General Highway Bridges 

Group Definitions Value Of/.l3 

Bridges on expressways (limited - acc ess 
highways), general national highways and 

1 principal prefectural highways. 1.0 
Important Bridges on general prefectural 
highways and municipal highways. 

2 Other than the above O. 8 

Note: The value of /.1 3 may be increased up to 1. 25 for special cases 

in Group 1. 

(b) In the modified seismic coefficient method considering structural 

response that is employed for relatively flexible structures such 

as a bridge with highrise piers higher than 25 m or a bridge with 

a fundamental period longer than O. 5 seconds, the horizontal 

design seismic coefficient ( k Am ) sh.all be determined by 

k am = f$kA •••••••••• •••••••••••••••••••.• •••••••• (2) 

where 

k am horizontal design seismic coefficient in the modified 

seismic coefficient method considering structural 

response, 

k A coefficient given by eq. (1), 

i3 a factor dependent on the fundamental period of the 

bridge, and obtained by Fig, 2. 

For structures whose fundamental periods are shorter 

than O. 5 seconds, (j may be considered as 1. O. 

The minimum value of k Am shall be O. 05. 

(2) The vertical design seismic coefficient may generally be considered 

as zero, except for special portions such as bearing supports. 

(3) The horizontal design seismic coefficient for struct1.:lral parts, soils 

and water below the ground surface may be considered as zero. 

(4) Hydrodynamic pressure during earthquakes are specified in the 

specifications. Earth pressures during earthquakes, however, are 
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specified in the related specifications. 

(5) A specific attention is paid to very soft soil layers and soil layers 

vulnerable to liquefaction during earthquakes, The bearing capacities 

of these layers are neglected in the design, in order to assure high 

earthquake-resistance for structures that are built in these layers. 

(6) A special attention is also paid to the design of structural details, in 

consideration of the damage previously experienced to bridge struc

tures. To this aim provisions are specified for bearing supports and 

devices for preventing bridge girders from falling. 

(7) Increases in allowable stresses of materials may be considered in the 

earthquake-resistant design, magnitudes of increases for various 

materials are specified in the several related specifications. The 

increasing rates are as follows: 

concrete in reinforced concrete structures: 500/[ 

reinforcements in reinforced concrete structures: 50% 

structural steel for superstructures: 70% 

structural steel for substructures: 50% 

concrete in prestressed concrete structures against 
compressive forces: 650/c 

founda tion soils: 50% 

Detailed descriptions on the specifications are provided in Appendix 

of this paper. 

i ' 
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SUMMARY 

The new Turkish aseismic code is evaluated with respect 
to its soil amplification regulations. The major critique is 
directed to the computation of T , predominant soil period. 

o 
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A brief outline of the code in general and a more detailed 
outline of soil considerations in the code is first presented. 
Then the results from an earlier two dimensional modal study 
are given. These results inClude several relationships between 
modal periods, thiclmesses and P and S wave velocities of soil 
layers. A comparison between these and code formulas, as well 
as several recommendations are included. 

INTRODUCTION 

The new Turkish Aseismic CodeA went into effect in June 

1975(1). In 1973, the EarthQuake Research Institute of the 
Ministry of Reconstruction and Resettlement who is responsible 
for the preparation of the code, had asked concerned institu_ 
tions for their opinions on the subject which led to a coopera
tive effort by engineers and researches from Istanbul Technical 
University, Middle East Technical University and Bogazi~i 
University. After two years of constant meetings a code was 
drafted which is technically far ahead of the previous 1968 code. 
Probably the most important and radical concept that was incor
porated in the code concerns soil amplification considerations. 
This article will aim at evaluating these newly introduced 
concepts from a point of view of theoretical soundness as well 
as practically. A general presentation of the new Turkish 
Aseismic Code will be made by a different speaker in this 
Symposium (2) and for this reason the general outline of the 
code will be kept at a minimum. 

A The actual name of the· code is "Code Concerning Buildings in 
Disaster Areas" 

Preceding page blank 
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CODE: A BRIEF OUTLINE 

The code is made up of two principal parts: (a) regula
tions for construction, (b) regulations for the determination 
of lateral forces. Regulations for construction includes rein
forced concrete buildings as well as non-engineered structures 
such as adobe, masonry, wood frame and stone dwellings. Regula
tions for the determination of lateral forces are applicable 
only for engineer designed structures. The total lateral force 
F is taken proportional to the weight of the structure W with 
C as the proportionality constant. 

F=C W (1) 

C =- Co x f( X S x I ( 2 ) 
In Equation (2), C , K and I denote coefficients concerning 
zoning, building t~pe and importance respectively. S, on the 
other hand is the"spectrum coefficient" and is determined by 
the relationship between the natural period of the structure 
and the predominant period of the soil upon which the structure 
is located. 

C3a) 

S <: t 

where T is the natural period of the structure and T is the 
predominant period of the soil, (both in seconds). ~igure 1 
is a plot of Equation (3) for four values of T indicated in 
Table (2). 0 

CODE: SOIL CONSIDERATIONS 

For the determination of T , the code is rather elaborate. 
Below is a paraphrased translat~on of the related section of 
the code. Unless determined by experimental, empirical or 
theoretical means based on reli~ble essumptions and field obser
vations,the predominant soil period T will be taken from 
Table 1. The values in the table, howgver, are usable for soil 
formations up to around 50 meters thick overlying bedrock or 
formations with characteristics equivalent to bedrock. If the 
soil thickness is greater than 50 meters shear wave velocity 
v and the soil thickness HL should be determined experimentally, 
o~ theoretically with greater accuracy and predominant soil 
period should be calculated using 

1;- 41-1.. (4) 
Vs 

In case where it is not possible to determine Vs more accurate
ly by experimental, empirical or theoretical means values for 
Vs given in Table 2 may be used. 

If the soil formation is made up of several layers with 
different v values, then a different T shOUld be calculated 
for each la5er. 0 



Formations for which the shear wave velocity exceeds 
700 m/sec. may be considered to be very firm, and equivalent 
to oedrock 

A TWO - DIMENSIONAL STUDY 
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In two previous studies, the problem of random Wave propa
gation in two dimensional layered media was investigated (3,4,:). 
The method employed in these studies. briefly, was to modify the 
transfer matrix approach which is used in analyzing layered media, 
so that the transferred matrix is the frequency response matrix 
of each layer. After imposing the appropriate boundary condi
tions; assumed velocity (acceleration, or displacement) power 
spectr:: at the bedrock level was "filtered through" the soil 
layers and thus simulated power spectra (for both P and S waves) 
were obtained on the ground surface. The following can be 
expressed as the strong points of the outlined method, (a) ease 
of handling of any number of soil layers (it should be remember
ed that in transfer matrix methods the order of matrix stays 
the same for variable number of layers), (b) consideration of 
both P and S waves and their comparison, (c) 6 (angle of incidence) 
dependency of the solution. The effects of some of these have 
been discussed elsewhere with respect to concrete problems (6,7, 
8) . 

In this article, modal periods of a layered soil medium 
will be discussed and compared with Equation (4). The term 
"modal" frequency is used here rather than "predominant" as 
the periods that are considered correspond to vibrational modes 
of the soil medium. The term "predominant" period, on the other 
hand, refers to the "average" or expected period Which may easily 
be computed using the power spectra but which may not correspond 
to a peak value at all if there are more than one mode. 

Figure 2 shows three soil laye~with indicated Lame parame
ters, P and S wave velocities (v and v 2 ) and angle of incidence 
e~45°. These parameters were chosen to represent a soft alluvi
al soil deposit. d, which is the thickness of each layer, waS 
allowed to take values varying from 1 meter to 70 meters. For 
each value of d, power spectra were calculated and the periods 
corresponding to the first three peaks were plotted against 
d. Figure 3 shows this plot for 0 ~ d ~ 100 m. It should be 
pointed out that all the computed points lay almost exactly on 
the three straight lines and that the regression equations 
went through theorigin without any forcing. Regression equa
tions for these tree modes are as folloWS: 

d T=8:2B (first mode) 

T=-_L (second mode) 
II, /5"' 

T=: ~ (third mode) 
19,1/ 

Unexpectedly, first mode was not always the most critical 
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(highest peak). In Iact in most cases third mode seemed to 
govern as d increased. Two of the velocity power spectra 
(for d ~ 16 m, and d =40 m) may be seen In Figures 4 and 5 
respectivelY·In Pi£ur~ 5 for example it is clear that second 
mode is more critical th~ the first. 

Now, going back to the regression equations (Equation~ 5a 
5b, Sc), it may be seen that it is possible by trial and error' 
to investigate the nature of the coefficients (given as denomi
nators) and their velocity dependency. This was done in the 
following two ways: (a) Instead of d, using H 3d and also 
using the average of the three velocity values get a rela
tionship between T, H and V (either P or S); (b) using d and 
the velocity of the upper most layer (lowest velocity) get a 
relationship between T, d and v(either P or S). The results 
are as follows: 

First Mode: T ::: 2.03 H 

'2. 
(6a) 

T = 10.3 
H (6b) 
v2 

T::: 3.9 d (6c) v2 

T = 20.0 d (6d) v
l 

Second Mode: T::: 1.5 H (7a) 
v 2 

T:::: 7.7 H (-'tb) 
v

l 

T:=.2·9 d (7c) v 2 

T = 14.8 
d 

(7d) v
l 

Third Mode: T::. 0 .88 H (8a) 
~ 

v 2 

T::: 4.5 H (8b) ---v2 

T =.1.7 
d 

(8c) v 2 

T :::.8.7 
d 

(8d) v
l 

As was mentioned before v and v in the above equations denote 
the P and S wave velociti§s, res~ectivelY, of the upper most layer. 



COMPARISON WITH THE CODE 

The code recommends Equation (4) for the calculation of 
T if the soil thickness exceeds 50 meters. This seems to be 
iR good agreement with Equation (6c) which was calculated for 
the upper most layer and the first mode. Furthermore, the 
code suggests to calculate different T values in case of 
layering and add these up to find the Iilpredominant" period. 
This is an application of Zeevaert's work (9) where 

is given. Zeevaert also states that; "The largest resonant 
periods are obtained by addition of all the soft soil strata 
confined between the firm base and the ground surface.", but 
fails to mention that this is true for only the very special 
case of uncoupled dynamic systems. Soil layers, on the other 
hand, must be modeled as heavily coupled as idealizations in 
layering are frequently very arbitrary. 

To see the size of the difference between Equations (6) 
and (9), take, for example, d =40 meters (H =120 meters) . 
Using Equation (6a), T.:::4.83 sec, and using Equation (9), 
T = 10.60 sec. which is more than twice the value computed 
uSing Equation (6a). This difference is easy to explain, 
however, as an uncoupled system is a "softer" system and 
therefore has higher predominant periods of vibration. 

CONCLUSION 
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The code formula (Equation 4) should be used with caution 
and only for soils which may be modeled with a single layer. 
For the multiple layer case, direct superposition of single 
layer periods should be avoided as it will invariably yield 
very high periods. 

Equations (6-8) may be used for layered soil in the context 
of a code if formulae involving P wave velocities are excluded. 
Two points must be remembered, however, when using these formu
lae: (a) As the model is linear, the predominant periods for 
nonlinear behavior will be somewhat larger than given in these 
equations; (b) These equations are good for "normal" layering, 
that is to say lowest velocity layer on top, then the next 
lowest velocity and So on. In case of a sandwiching situa
tion of either a soft or a hard layer, results will be ditf8rent 
and a full analysis of the problemshould be undertaken, The 
results of such a study may be seen in Reference (7). 
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Table 1. Soil Classification for Period DetermQnation 

Soil 
Type 

I 

II 

II 

N 
sp 

Description 
Standard 
Penetra
tion 

a) Massive volcanic 
formations, unde -
composed metamorphic 
formations and sedi
mentary rocks with 
very hard cement 

b) Very firm sand, 
pebbles, 

c) Very hard clay 

a) Loose magmatic rocks 
such as tuff and 
aglomerates, decompo
sed sedimentary rocks 
with planes of discon
tinuity 

b) Firm sand, pebbles 

c) Hard clay 

a) Heavily decomposed 
metamorphic and sedi 
mentary rocks with 
Soft planes of discon
dinuity 

b) Medium firm sand, 
pebbles 

c) Hard Silty clay 

a) Soft and thick allu
vium with high water 
table, marsh or oc ear 
fill 

b) Loose sand 

c) Soft silty clay 

no. 

50 

32 

30- 50 
16-32 

10-JO 

5-16 

0-10 

0-8 

Relativ8 
Density 

% 

85-100 

35 

Unconfi 
ned Comp 
ressive 
Strer.l£.th 

kg/cmC-

4.0 

20-4.0 

I 1.0-2.0 

1.0 

v 
s 
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Shear 
Wave 
Velocity 

m/sec 

700 

400-700 

200-400 

200 
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Table 2. Predominant SoH Period 

Soil Type 

a 

I b 

c 

a 

J[ b 

c 

a 

m b 
c 

d 

N b 

c 

s 

I· 0 1-----_....-........... 

0.5 

o 0.5 1.0 

To (sec) 
Predominant Soil Azriod 

0.20 

0.25 

0.30 
0.35 

0.40 

0.50 

0.55 

0.60 
0.65 

0.70 

0.80 

0·90 

2·0 

t= To= 0.25(sec) 
11=To = O.42(sec) 
m= To ",0.6 O(sec) 

!l = To =0·8 o(sec) 

2·5 3·0 

To (sec) 
Average 

0.25 

0.42 

0.60 

0·80 

T(S~C) 

Figure: 1. Spectr u m Coefficient for F6ur Different Soil ~edomil1ilnt 
Per j ods (T. ) 



d 
(m) 

100 

90 

80 

70 

60 

50 

40 

30 

20 

10 

A -= 960 l(g/em2 
I-< = 4 a kg /cm2 

x =. 2400 kg /c~ 
#- = 100 kg Jerrf 

7 

VI =16600em/see 
V2-=325 a em/sec 

VI = 231. 00 em/sec 
V2= £:.590 em/sec 

VI = 37100 em /se'c 
VZ= 7270 em /sec 

Figure 2· Parameters for Alluvial 

d::lJm-70m 

Soil Deposit 

Thirdl'-'iode Second Mode First Mode 
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L..-____ - ______ -+--_--+---+-_----- T (sec) 
o 2 3 4 5 6 7 8 9 10 11 12 

Figure 3. Modal Periods v,s LC1Y'er Thickness 
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s(w) (em/ seer / (rod! sec) 

1000 

100 

10 

J.o~ ______ ~ ________ ~ ____ ~~ _____ +-~ 

~I r-------+-------~------~----~~ 

0·01 :-;----'-----;-I;:--------+-~;;_---...... _b----+-_l 
0.1 10 1.0 \00 

Figure 4. Velocity Spectral Density Functjon.l d =16m 
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SUMMARY 
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An understanding of building response to earthquake ground motion is necessary 
for non structural designers to prepare specifications for equipment manufacturers and 
suppliers. The proper design of equipment anchorage and the interconnection of non
structural components within a building requires knowledge of the magnitude of the 
forces induced in equipment and the deformations imposed upon the components. The 
present paper provides a review of the actual building motions recorded during the 
1971 San Fernando Earthquake to allow realistic estimation of the distribution of floor 
acceleration and building drifts over a building height. Peak Floor Amplification 
Factors (FAF) are presented for a sample of 49 high-rise buildings. The statistics of 
floor accelera~ion peaks over the time duration of motion are also examined for an 
example building to provide some information about the probability of exceeding a 
given value of peak acceleration. The analysis of the records recorded during the 
1971 San Fernando earthquake provide data in the form of floor response spectra. 
This data is reviewed to provide guidance for the design of typical spring mounted 
(vibration isolated) building service equipment. The relative deflection between 
floors of a building, or story drift, is a critical parameter. The drift response deter
mined from a recorded building motion is examined to provide guidance for the real
istic estimation of building drifts, which are the result of the nonlinear response 
behavi or of buil dings. 

INTRODUCT ION 

The nonstructural components of a building inel ude facades, curtain walls, ceil
ings, partitions, elevators, lights, electrical power systems, plumbing, ventilation 
and air conditioning systems, heating systems, fire protection systems, telephone and 
communication systems, storage racks, and even large pieces of owner-supplied fur
niture or portable equipment. In the past r the usual structural design procedure has 
been based on the philosophy that to design a building to avoid all damage during a 
major earthquake is not economically justifiable; the structural system of the building 

Preceding page blank 
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is intended to be deFormed by strong ground motion, and damage to some of the non
structural elements is expected. However, recent maior earthquakes (Alaska 1964, 
San Fernando 1971, and !v\anagua 1972) have caused considerable damage to the 
nonstructural elements and electrical/mechanical equipment of buildings sustaining 
only moderate structural damage. The investigation (1-6)* of the damage caused by 
these earthquakes has indicated the need for architects and designeers of nonstruc
tural building systems to acquire background and additional skills in the analysis and 
design (7) of these systems for the building dynamic environment caused by the struc
tural response to earthquake ground motion. An even greater emphasis is provided by 
the fact that approximately 70 percent of the construction cost of a building is for 
equipment and nonstructural elements. An increasing concern over the life-safety 
aspects of building design is also apparent. Thus, not only must the substantial 
monetary investment ;n nonstruc tural elements and equipment be protected, but al so 
the systems concemed with insuring life-safety must be made seismic resistant. A 
building is not safe if, during an earthquake I I ight fixtures and ceil ings fal I, eleva
tors do not operate, emergency generators do not come on, loose obiects block exits, 
and broken glass falls into the street. A building is not properly designed if an owner 
sustains huge losses due to nonstructural damage. The lessons learned by detailed 
studies of damage sustained by earthquake-tested buildings must be carefully reviewed 
by both architects and engineers. One lesson from past earthquakes is clear: The 
amount of damage sustained by nonstructural building componenj's could have been 
greatly reduced by relatively inexpensive corrective measures. 

The development of plans and specifications for a modern building is a team 
effort, coordinated and managed by an architect. The primary outside consultants on 
the design team are the structural, mechanical ( and electrical engineers. An addi
tional outside consultant is usually retained to design the elevators and the structural 
engineer and the architect require the services of foundation and soil engineers. 
Usually J' the structural engineer is the only member of the design team to analyze the 
effect of dynamics forces induced by earthquakes. All members of the design team, 
however, must inform themselves of the nature of earthquake-induced forces in build
ings and of the manner in which the stress paths occur between the structural and 
nonstructural el ements of a building. The structural frame may absorb the earthquake 
forces without significant damage, but the movement of the building induces signifi
cant secondary damage to nonstructural elements. The resulting damage to nonstruc" 
tural components shows a lack of knowledge among nonstructural designers of building 
response characteristics due to an earthquake. Since the maj ority of building service 
equipment is located both on the ground floor and roof, the nonstructural designer 
must understand the characteristics and response effects of both ground motion and 
floor motion. 

Since 1965, the City of Los Angeles has required placement of three strong
motion accelergraphs in all new structures greater than six stories in height. Subse
quently, adjacent municipalities have adopted similar requirements. These instru
ments are placed in the basement (base leve!), mid-portion (intermediate level) and 

* Numbers in parenthesis designate references at end of paper. 
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near the top (upper level) of buildings. The 1971 San Fernando earthquake may be 
viewed as a full-sca!e experimental test of a wide variety of building types to strong 
ground motion. Forfy-nine buildings, ranging in height from 7 stories to 43 stories, 
recorded motion in three component directions at the base level and at least one 
higher level. These buildings were located at distances from the epicenter ranging 
from 20km to 83 km and were exposed to peak horizontal base (ground) accelerations 
ranging from O.030G to 0.255G and peak vertical base accelerations ranging from 
O.019G to 0.171G (lG =: 980.6 em/sec/sec). These recorded accelerograms were 
uniformly processed, digitized, corrected, and analyzed by the Earthquake Engineer
ing Research Laboratory of the California Institute of Technology. The pub! ished (8, 
9, 10) data set fonns the basis of this paper. 

BUILDING Atv\PlIFICATION 

A structural system acts as a mechanical narrow-band filter for earthquake ground 
motion, ampl ifying and til tering at approximately the fundamental frequency of the 
building. The resulting floor motion becomes the input base motion for anchored {and 
unanchored} equipment. The severity of floor motion is usually measured by the peak 
or maximum floor acceleration. While the use of peak acceleration as meaSure of 
damage is often unsatisfactory, the maximum acceleration parameter is physically 
understood as a measure of the inertial force that must be resisted by a rigid, anchored 
object. figure 1 shows an example of the recorded and processed acceleration data 
from the 1971 San Fernando earthquake for a horizontal component of building res
ponse. For the present discussion the base level is assumed to be the building found
ation, the intermediate level is assumed to be at mid-height of the building, and the 
upper level is assumed to be the building roof. The recorded data (9) is absolute 
{sum of ground and building motion} acceleration and the absolute displacement is 
obtained by double integration (9). The spring-mass systems indicated in Figure 1 
represent spring-mounted equipment. The occurrence of peak horizontal (I argest of 
two horizontal components) floor acceleration for the recorded building data set is 
given in Table 1. The occurrence of peak vertical floor acceleration is given in 
Table 2. 

The Floor Jvnplification Factor is defined: 

FAF =: 
Maximum Floor .Acceleration of it.!:! Recorded Com~onent 
Maximum Ground Acceleration of im Recorded Component 

The horizontal amplification characteristics of the buildings are given in Figure 2 
which compares the computed FAF (largest of two component directions) over the range 
of story heights (11) of the buildings with recorded motion. Figure 3 compares the 
vertical FAF over the range of story heights. As can be noted from both Figures 2 and 
3, the amplification behavior of the buildings is relatively independent of story height 
with an average horizontal FAF value of 2.3 and an average vertical FAF value of 2.6 
for the group of buildings\vith recorded motion. 
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Horizontal Floor Acceleration Range 

'" o)c 
~ ~ ~ (.) (.) ~ (.) (.) ~ co --.- 0 I./") 0 Ii') 0 I./") 0 ~ 0 " ..... _0 .... .... N N M M -.r I./") 

'5~ 
. . . . . . . 

co 0 0 0 0 0 0 0 0 0 

...... " ~ 
V V V V V V V V V 

o~ Ii') 
:x ~x :x :X :X :X :x :x :x .... 0 VI VI VI VI VI VI VI VI VI 

0 0 
0 

~ ~ ~ ~ ~ ~ (.) Z~ 0 ~ (.) 
~ V 

ll') 0 ll') 0 ll') 0 I./") a 
~ 

E-E 
0 .... .... N N M M 

"""" . . 0 . . . . 
0'- :X 0 0 0 0 0 0 a 0 0 

Floor level I-~ 

Base level 
49 4 9 (Ground) 16 13 6 1 - - - -

Intermediate Level 
(~ 0.5H) 39 2 2 10 10 8 5 1 1 - -

Upper level 
47 4 6 6 7 11 4 2 ( ~H) - 6 1 

TABLE 1. OCCURRENCE OF PEAK HORIZONTAL FLOOR ACCELERATION FOR 
RECORDED BUILDING MOTIONS, 1971 SAN FERNANDO EARTHQUAKE. 

Vertical Floor Acceleration Range 
VI o)c 

G (.) (.) ~ (.) (.) (.) co 
:u+= a I.(") a I.(") 0 I./") 0 
_0 .... .... N N M M "<t 
'5~ 

. . 0 . . . 
0 0 a 0 0 0 0 

co" V V V V V V V 4-Q,I l') 
0"'0 I/') :x :x :x !X :x :x :x 
. ts 0 VI VI VI VI VI VI VI 

0 0 . 
(.) (.) (.) (.) 0 ZQ,I 0 0 0 

0::: I/') 0 ll') 0 Ii') 0 10 

E-E 
v 0 - 0- N N M M . 0 . . . . 

0'- :X 0 0 0 a a 0 0 
Floor Level I-~ 

Base Level 
(Ground) 49 16 27 4 2 - - - -
Intermediate Level 38 5 18 8 5 1 1 -(~O.5H) 

-

Upper level 
47 3 8 13 11 7 4 (~H) - 1 

TABLE 2. OCCURRENCE OF PEAK VERTICAL FLOOR ACCELERATION FOR RE
CORDED BUILDING MOTIONS, 1971 SAN FERNANDO EARTHQUAKE. 
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HORIZONTAL 
FLOOR AMPLIFICATION FACTOR - UPPER LEVEL 
(45 MULTI-STORY BUILDINGS - 1971 SAN FERNANDO, CALIFORNIA EARTHQUAKE) 

BUILDING AMPLIFICATION: 

o 

o (;) (;) 

MAXIMUM FLOOR ACCELERATION 

MAXIMUM GROUND ACCElERATION 
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o o 

= FAF 

___ ~ ______ : __ : __ ~ ___ ~ ______ ~ __________ t __ 0 __ ~E~~O~~ ';;~A~A~~;'2.3 
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BUILDING HEIGHT (STORIES) 

FIGURE 2. HORIZONTAL UPPER LEVEL BUILD ING AMPLIFICATION. 
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VERTICAL 
FLOOR AMPLIFICATION FACTOR - UPPER LEVEL 

5 (46 MULTI-STORY BUILDINGS - 1971 SAN FERNANDO, CALIFORNIA EARTHQUAKE) 

6.1 
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El Q 
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o 

BUILDING HEIGHT (STORIES) 

FIGURE 3. VERTICAL UPPER LEVEL BUILDING AMPLIFICATION. 
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Figures 4 and 5 compare the horizontal and vertical FAF to the maximum recorded 
ground (base) acceleration. In Figure 4, the largest horizontal FAF is compared to the 
largest peak ground acceleration, disregarding component direction. This comparison 
indicates a trend of decreasing building ampl ification with increasing peak ground 
acceleration. Assuming that peak recorded base acceleration is a measure of the over
all strength or intensity of ground motion, we observe that the amp I ification ded ine 
may be attributed to the increased equivalent damping level caused by accumulated 
structural damage. However, any use of the data to indicate a definite trend should be 
avoided due to the few data points greater than 0.20G horizontal and a.10G vertical. 
The distribution of amplification over a building height is shown in Figures 6 and 7. 
Both horizontal and vertical components have the some average amplification, FAF = 
1.8, for the intermediate levels. 

RESPONSE STATISTICS 

The previous discussion characterized the amplification of building motion by the 
ratio of peak output (floor) acceleration to peak input OJase} acceleration. This com
parison yielded average values for a large sample of building types, heights, and con
struction of recent design. The understanding of the response behavior of a building 
subjected to ground motion is complicated by the effects of three dimensional motion, 
coupled torsional-lateral response, and non-linear behavior. A great many parameters 
influence the response of a particular structure including the frequency content of the 
ground motion at the building site, soil-structure interaction, discontinuities in struc
tural framing, the detailing of the structural connections, and even the stiffness of the 
non-structural components. In addition, the recorded motion represents the response of 
a singular point within the structure, thus a wide range of values should be expected 
when using the extreme or maximum peak values as a measure of response severity. 

An example of a recorded building response is shown in Figure 8 for a duration of 35 
seconds. The nonlinear filtering behavior of the building is easily noted by the compa
rison of the base level accelerograph record with the upper level record. The frequency 
of response during the first 10.7 sec.has considerably higher frequency content than the 
latter 24.3 sec.of record. If the maxima occurring for each zero crossing are treated as 
a statistical sample and the mean and standard deviation of the sample computed, the 
distribution of floor acceleration maxima (12) is closely modeled by an exponential dis
tribution with the computed meon and standard deviation as shown in Figure 9. How
ever, the a priori knowledge of the sample size (i .e. the number of zero crossings) is, 
in general, not predicable. A more detailed evaluation of the recorded floor motion 
reveals that the average period of response during the first portion of the record is 
approximately 0.6 sec. and then lengthens to 1.5 sec. for the remainder of the record. 
For this presentation, the record was filtered by eye to remove the higher frequencies 
present in the recorded accelerogram (the larger scale plot contained in (8) was used as 
a guide; of course the record could also be numerically filtered). If the maxima of this 
"filtered" record are treated as a separate statistical sample, then the distribution of 
acceleration maxima is reasonably modeled by a log-normal distribution with the com
puted sample mean and standard deviation as shown in Figure 9. Now, given that the 
number of cycles of the fundamental response can be predicted (inel uding nonl inear 
period lengthening), a procedure for estimating the probability of exceeding a given 
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HORIZONTAL 
FLOOR AMPLIFICATION FACTOR - UPPER LEVEL 

(45 MULTI-STORY BUILDINGS 1971 SAN FERNANDO, CALIFORNIA EARTHQUAKE) 

o o 

0° 

BUILDING AMPLIFICATION; 
MAXIMUM FLOOR ACCELERATION 

MAXIMUM GROUND ACCELERATION 

; 0 ~XFl =2.49 x 0.20 G =0.50 G (17 STORY BUILDING) 

o 9 
o ~ X H '"' 0.255 G (7 STORY BUILDING) 
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FIGURE 4. HORIZONTAL BUILDING AMPLIFICATION COMPARED TO 
PEAK GROUND MOTION. 

5 

'" 2 o 
o 
...J 
U. 

VERTICAL 
FLOOR AMPLIFICATION FACTOR - UPPER LeVEL 
(46 MULTI-STORY BUILDING -1971 SAN FERNANDO, CALIFORNIA EARTHQUAKE) 

! X
FL 

=6.1 x 0.059 =0.36 G (27 STORY BUILDING) 
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6. I 
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FIGURE 5. VERTICAL BUILDING AMPLIFICATION COMPARED TO 
PEAK GROUND MOTION. 
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FIGURE 6. DISTRIBUTION OF HORIZONTAL BUILDING AMPLIFICATION 
OVER BUILDING HEIGHT. 
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8244 ORION BLVD. 1st FLOOR, LOS ANGELES, CAL. HORIZONTAL- NORTH 
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FIGURE 8. EVALUATION OF RECORDED BUILDING MOTION. 
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value of floor acceleration is suggested. No definite conclusions should be drawn from 
the present discussion, since the eva I uation of additional recorded building motions is 
required. 

SPRING MOUNTED EQUIPMENT RESPONSE 

Building service equipment is often pi aced on spring mounts, or vibration isol ators, 
to reduce the transmission of equipment vibration to the structure (and tenants). The 
failure of vibration mounts and the resulting overstress of connecting pipe dnd conduit 
is a frequent observation during post-earthquake damage surveys. The specification of 
spring mounts with 1.0 in.(2 .54 em) static deflection and equal vertical and lateral 
stiffness is a common practice (13) for building service equipment, resulting in equal 
vertical and horizontal natural frequenc ies of 3. 1 cps (Hz) (ignoring for the present 
discussion the effect of rotatory inertia due to a base mount configuration). The res
ponse of flexible equipment within a building is best evaluated using floor response 
spectra. The analysis (l0) of the recorded building motions provides computed floor 
response spectra for each component of building motion recorded. 

The Response Spectrum Amplification Factor is defined for a specified range of 
system frequency and damping: 

RSAF = Response Spectrum Ordinate of itb component 

Maximum Ground Acceleration of jili component 

The computed RSAF for the lateral response of spring isolated equipment with 
1.0 in.static deflection mounts and equal vertical and horizontal stiffness are com
pared in Figure 10 for equipment located at the base, intermediate, and upper levels 
of a building. The largest computed (10) response spectrum ordinate (acceleration) 
within a frequency band, f = 3.1 iO.4 cps, for a system with 5% critical damping was 
used in computing the RSAF of each component of motion. The range of upper level 
horizontal response spectrum ordinates was 1.B5G to 0.123G. The largest RSAF of 
the two horizontal component directions for each building level is compared in Figure 
10. The average amplification for a spring mounted equipment item (f = 3.1 cps, 5% 
damping) was 3.3 at the base level, 5.0 at the intermediate level, and 6.2 at the 
upper level of the buildings with recorded motion. 

BUILD ING DRIFT 

The response of structures (in terms of structural element stress) at earthquake 
levels which exceed the design capacity are mitigated by nonlinear behavior but at 
the expense of large yielding displacements or drifts. Often, drift is the cause of the 
majority of damage sustained by buildings during an earthquake, since story drift 
determines the deformation or state of stress that nonstructural elements with floor~to
floor connection such as slab-to-slab partitions (fire-walls), curtain walls, and stairs 
must accommodate or be damaged by the imposed forces. Exterior and interior gl az
ing, doors, and hung ceilings, while normany not directly connected between floors 
must accommodate the deformation imposed by the exterior panels or interior parti
tions. The cost of repairing plaster I drywall I glass, and other drift damage is often 



806 

RESPONSE SPECTRA AMPLIFICATION: MAXIMUM RESPONSE SPECTRA ORDINATE ~ RSAF ~ ~RS 
MAXIMUM GROUND ACCELERATION XgH 

UPPER LEVEL 
(-H) 

INTERMEDIATE LEVEL 
("V 0.5H) 

BASE LEVEL 
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6,2 

AVERAGE R5AF (f~3.1 ± 0.4 Hz, 5% DAMPING) 

10 12 

SST = 1 in. '" 2.54 em 

fH ~3. 13 Hz 

T/1" I/fH",O.32 sec 

14 16 

HORIZONTAL RESPONSE SPECTRA AMPLIFICATION FACTOR (RSAF) 
FOR f~3.1 ± 0.4 Hz SYSTEM WITH 5% CRITICAL DAMPING 

18 

FIGURE 10. SPRING MOUNTED EQUIPMENT RESPONSE AMPLIFICATION. 
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the most costly post-earthquake repair item due to the labor manhours required. 

The review of actual recorded building motion provides a realistic estimation of 
building drifts which are the result of the ductile behavior of buildings during moder
ate earthquakes. Figure 11 gives the dri ft determ ined from recorded data (9) obtained 
from an instrumented multi-story building. The relative displacement response of the 
building upper level was obtained by graphically subtracting the plotted (9) absolute 
displacement of the base level from the absolute displacement of the upper level 
{assuming that both instruments were trigered at the same time}. The long pericx:l (11 
sec) fluctuation is due a processing error caused by misalignment of sectional enlarge
ments of the record during the digitization process (15; see also 9, Part G). Since the 
relative displacement response is dominated by the fundamental mode, the response 
of the floors are in phase thus the peak story drift distribution over the building may 
be estimated by plotting the upper and intermediate peak relative displacements as 
shown in Figure 11. The peak story drift for this example building was of the order of 
one inch or 0.01 foot drift per foot of building height which is in accordance with the 
observed (14) nonstructural damage resulting from the 1971 San Femando earthquake. 

CONCLUSIONS 

Recent changes to seismic building ccx:le provisions and other organiz.ation re
quirements (16 - 19) have upgraded the lateral force factors for nonstructural elements 
and equipment, particularly for "critical" facilities. These lateral force factors for 
essential facilities and building life safety systems range from 0.50 to 1.00. Mdi
tional "footnote" provisions to the code lateral force tables suggest the consideration 
of larger force factors for flexible equipment and equipment located in the upper 
levels of multistory buildings. The consideration of the amplification experienced in 
instrumented buildings during the 1971 San Fernando earthquake will, hopefully I 
allow for realistic and cost-effective seismic non structural requirements being in
cluded in future construction. Realistic story drifts which range between 0.010 and 
0.005 times the story height should be considered in the detailing of nonstructural 
components. 

1. 

2. 

3. 

4. 
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For the purpose of earthquake resistant designing of a submerged tu~nel, 
mathematical model of the tunnel for dynamic analysis on it's behavior 
during earthquakes is shown. Earthquake resistant design data obtained from 
dynamic response analysis of the tunnels to typical earthquake motions in 
various ground conditions are presented ,comparison between result from the 
earthquake observation on the real tunnel and that from numerical analysis 
using the presented data is shown and practical method to estimate the 
stresses in the tunnel during earthquakes is presented. 

§.l Mathematical Model for Dynamic Analysis 

Authors presented the mathematical model of the submerged tunnel for 
dynamic analysis,synthesizing the results from vibration tests on the model 
and that from the earthquake observation on re~l submerged tunnel. (1) 
The basic conceptions to formation of the mathematical model were as 
follows, assuming that the ground was composed of a simple surface layer on 
the hard base layer for an idealized ground condition. 

(1) It is assumed that the vibration characteristics of the ground 
is not affected by the presence of a submerged tunnel. The 
fundamental mode of shear vibration of the surface layer is 
ordinarily most predominant in the displacement of the ground 
in time of severe earthquakes,which is considered to give the 
greatest influence on the strain generated in the submerged 
tunnel during earthquakes, therefore only this fundamental mode 
of the vibration is considered in this case. 

(2) The effect of inertia force of the tunnel itself upon the beha
vior of the tunnel is not considered since it is very small. 

(1) C.TAcV:URA,S.OKAMOTO and M.HAMADA; DYNAMIC BEHAVIOR OF A SlJm~ERGED TUN~:S~ 
DURING EARTHQUAKE, Report of the Institute of Industrial Science, 
University of Tokyo, Vol. 24,No. 5, March, 1975 
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(3) The deformation of the tunnel is calculated from the deform
ation of the ground along the tunnel, by assuming that the 
tunnel is a beam on the elastic foundation (the characteristics 
of the foundation is not necessarily limited to a linear type). 

(4) Horizontal vibrations in two directions, along the tunnel axis 
and perpendicular to it, are analyzed. 

According to the assumptions(1),(2) and (3) above,the deformation of 
the submerged tunnel is calculated from the deformation of the ground along 
the tunnel axis. The mathematical model of the ground used here is a multi
ple mass-spring model,as shown in Fig. 1, composed of mass Me ,spring K~ , 
K2x(in the direction of the tunnel axis) and K2y(in the direction perpen
dicular to the tunnel axis). 

The ground along the tunnel axis is divided into a number of segments, 
and each segment of the ground is replaced with one mass-spring model hav
ing the same period with the fundamental natural period of the ground seg
ment. The mass Me; is the equivalent mass of the fundamental vibration mode 
of the ground segment i,. The K~i is the spring of one mass-one spring syste!!l 
which represents the ground segment i . The adjacent masses of point i and 
i-l are connected by spring K2X (i~i-l)and K2y(i~i-l). Spring Kzxis relat
ed to the resistance to the axial relative displacement between adjacent 
ground segment. while spring Kzy is related to the shear resis_tance to the 
relative displacement between adjacent segments. 

If the fundamental vibration mode of the ground along vertical axis at 
mass point i is taken as9; (z)(z denotes the depth from the ground surface) 
and the mass of the ground segment i is denoted by mi(z), the e~uivalent 
mass Mei will be expressed as 

rh' 2 {b 'mi ( z ) ¢ i ( z ) d z } 
M . = . " (J.) el h-I 'mi ( z) ¢i 2 (z) dz 

o 
where hi : the thickness of the surface layer at the ground segment i 

and 
mi (z): the soil mass of the ground segment i per unit depth at the 

depth z 

The spring K3; is obtained as follows. 

K 3 i = Me i . ( 21T ) 2 

Ti 

where Ti : fundamental natural period of the ground segment i 

... (2) 

When mass point i has caused unit displacement, the displacement ~(z) 
at the depth z can be expressed as 

tmi (z) dz 
fi(z) = :. ¢i(z) [3 

f 'mi (z ) ¢i ( z ) dz 
o 

The displacement of mass points can be obtained from the following 
equation. 
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[M]{ts} + [C]{~} + [K]{D} = - [MHz} •....... (4) 

(MJ Mass matrix of equivalent mass Mer; 
lC] Damping matrix; 
l K J Stiffness matrix composed of spring constants K 5r and K zxjor 

K 2'(.i; 
{D1 Displacement vector of mass points; 
[Mj Mass matrix of Mewhich is a product of Me and participation 

factor which is the ratio of Me to the mass of the ground 
and 

jZ) Vector representing seismic acceleration on oase layer. 

Since the tunnel is assumed as a beam upon an elastic ground, the dis
placement of the tunnel can be determined by the following equations, neg
lecting the inertia force of the tunnel by assumption (2). 

In the direction perpendicular to the tunnel 

d"V 

axis, 

where 
v ,Vg 

EI 

EI~ + Ky(V-Vg ) = 0 ...•. (5) 

Displacement of the tunnel in the direction pe~pendicular 
to the tunnel axis and that of the ground calculated by 
equations(3) and (4),respectively; 
Coefficient of subgrade reaction in the direction perpen
dicular to the tunnel axis; 
Bending rigidity of the tunnel. 

In the direction of the tunnel axis, 

d 2U 
EA dx 2 - Kx(U-Ugl ~ 0 . . .. (6) 

where 
U ,Ug Displacement of the tunnel in the axial direction and that 

of the ground calculated by equations (3) and (4),respec
tively; 
Coefficient of subgrade reaction in the axial direction; 
Rigidity of axial direction of the tunnel. 

For the purpose of examination the propriety of the model above mention
ed ,comparisons were made between the result of the response analysis by the 
method and that of the model test on a tunnel. Reasonably good agreements 
are found between these results. 

§.2 Earthquake Resistant Design Data for Submerged Tunnel 

To investigate the dynamic behaviors of suomerged tunnel by numerical 
analysis and to develope the practical earthquake resistant design, typical 
ground conditions,typical submerged tunnels and seismic waves were selected 
and the linear earthquake response including the stress and strain response 
were calculated for more 260 cases by the method described above. About 
fundamental elements which were seemed to have great effect on the beha
vior of the tunnel during earthquake, that is, period of the ground,length 
and shape of slope, dimension of cross-section of the tunnel and coeffi-
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cient of subgrade reaction and input seismic waves, their influences were 
studied on the behavior of the tunnel. Typical profile of the ground and 
the tunnel for analysis were shown in Fig.3. In this ground model, it is 
assumed that the land part and the sea-bottom part have fundamental natural 
periods TI and T2, respectively,and that the transitional ground condition 
between both parts changes linearly or bi-linearly. 

For ~he input seismic waves, the following three earthquakes records 
were used. 

A) Hachinohe EW (Off-Tokachi Earthquake,1968,M=7.8,~=!70km) 
B) Taft EW (Tehachapi Earthquke,1952,M=7.7,~=40km) 
C) El Centro NS (Imperial Valley Earthquake,1940,t-'=7.0,L'I=6km) 

Fig.4 shows the displacement response spectra for the three records 
of which maximum accelerations were modified as 100 gals. Damping factor 
was 0.1 to critical damping. The response spectra show that three earth
quake records have the different characteristics, especially the response 
displacement of Hachinohe EW within the periods of 0.8 sec to 2.0 sec are 
two to three times larger than for the other two records. (Fig.4) 

The maximum response axial stress (Oc) in the tunnel due to axial 
deformation and the maximum response fiber stress (08) in the tunnel due 
to bending deformation varied greatly owing to the input seismic waves of 
which maximum accelerations were modified to 100 gals. So that, to decrease 
the deviation of these stresses due to the input seismic waves, they were 
normalized as follows ,taking the relative displacement of the ground of 
land part and the sea-bottom part into account. 

where DL is the value of the response displacement corresponding to the 
period of the land part obtained by the response spectrum, while Ds is that 
of the sea-bottom part. 

In this analysis, Young's modulus of the reinforced concrete of the 
tunnel was assumed to be 3xlOOton/m2 referred to the data of the real 
structures. 

Results of the numerical analysis were as followings: 

1) Influence of natural period of the ground on stresses 
O"t- and oBwere calculated assuming that the area of the tunnel section 

of 90 m2 the moment inertia of 7000 m~, the length of the slope of 150 m, 
, -2. (3 ( 4.~) the uniform gradient slope, Px(=/KxlEA) of 0.55xlO (11m) and y =/Ky/EI of 

O.275xlO~/(l/m). By selecting only the maximum values ofat-and oafrom the 
results regardless of input seismic waves to every combination of -T j and Tz, 
relations betweencr'j,or 0;;, T, and Tz were obtained as shown in Figs. 5 and 6. 
It is observed that ~and ~increase as the difference between T/ and Tz 
increase. If fundamental period of the ground of the land part and that of 
the sea-bottom part are known, it will be possible to obtain the approxi
mate value of stress that will be developed in the tunnel during earthQuakes 
by using Figs.5 and 6 for ordinal ground condition. 
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However, the appropriate modification should be done for the different 
condition as described in the following section, and only the shear vibra
tion of the groill1d is considered on idealized ground condition assuming that 
the propagation velocity of the seismic wave in the base layer is within the 
range of infinity. Therefore, stresses will be nil if the natural period of 
the ground of the land part is equall to that of the sea-bottom part. 
Considering the assumption in the analysis and the actual behaviors of the 
groill1d observed from the field observations, when the difference of periods 
is small the values on the lines of T2 = O.9xTr in the Figs.5 and 6 is recom
mended for the minimum value of the stresses in the design of submerged 
tunnels. 

The values of Ot and i5b in Figs. 5 and 6 are hereinafter referred to 
standard values of at- and 8'.3, respectively. 

2) Influence of length of slope on stresses 
The influence of the horizontal length of the slope (herein after re

fered to L) on stresses on the tunnel was studied by using seven combina
tions of T/ and Tz. It was assumed that the gradient of the slope was uni
form and f3x= 0.55x l(t(1/m) and F\= O.27Sx lO-/(l/m). 

Fig.7 shows the ratio of crt on condition of various length of the slope 
to the standard value of cr-t; in Fig.5 and also Fig.8 for 0;. And the distri
butions of maximum response axial force and maximum response bending moment 
on the tunnel axis were shown in Figs.9 and 18. From the results, it is 
observed that the effect of L on O't; is comparatively small and the differece 
of ~ oy L is within aoout 10%. On the contrary, L has a great influence 
over the distribution of bending stressaa. 

3) Influence of coefficient of subgrade reaction and rigidity of tunnel 
on stresses 

The deformation of the tunnel caused by the deformation of the ground 
depend on greatly on the rigidity of the tunnel (EA or EI) and the coeffi
cient of subgrade reaction. Fig.10 shows the ratio of Or- on condition of 
various /3x to the standard value of Bt- shown in Fig. 5. Fig.ll shows the 
values of 0'1} on condition of various py. As to ift-, increase of the (5", to the 
increase of the ;3". is shown aproximatly in bi-linear relation and the 
influence of ~xon otis almost independent on L. The increasing rate ofoGwith 
an increase of ~y varied a little corresponding to the relation between T{ 
and T2. . 

4) Influence of shape of slope on stresses 
The influence of the shape of the slope on 6'r- and oe was stUdied. Fig. 

12 and 13 show the ratios of fit- and 65 on condition of the slope of bi-linear 
type to those in Figs.5 and 6, respectively. From Figs.12 and 13, it is 
observed that the slope has a great influence on the magnitude and distribu
tion of the bending stresses, whereas it has comparatively small influence 
on those of axial stress. 

§.3 Application of design data to analysis of earthquake record 

1). Outline of ground condition and tunnel 
Earthquake observation has been continued at the Haneda submerged 

tunnel (railway) since 1970. Geological condition of the site of the tunnel 
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is shown in Fig. 15. The soft alluvial layer consisted of mainly silty clay 
covers the hard diluvial sand gravel layer of N-value 50 or more. The thick
ness of the alluvial layer is 35 m to 40 m in the center of the river and 
gradually becomes thinner in the right bank of the river. 

The submerged tunnel is composed of 6 elements having an oval shape sec
tion (about 8 m in height and 13 ill in width and the wall is reinforced concrete 
of about 1 m in thickness covered by corrosion-proof steel plate), each mea
suring 80 m in length. The mechanical values of the tunnel and the ground 
used for analysis are as follows; 

Cross sectional area A = 30 mZ
, moment inertia I = 650 m4, section modu

lus 1/100(1/m3 ), Youngs modulus of the tunnel materials E = 3xl06 ton/m", 
K'j= 8000 ton/mL

, Px=/Kx/EA = 0.0082 (11m), K,,= 6000 ton/m' ,and P'j=4-(Ky/EI 
= 0.045 (11m). 

2) Earthquake record analysed 
Fig. 16 is a portion of the record of earthquake which occured at 280 km 

south of Tokyo near the Hachijo Island,Dec. 4,1972. The magnitude is 7.3, 
the depth of origin is 50 km and the epicentral distance to the tunnel is 
about 280 km. In Fig.16, No.4 TSA is acceleration perpendicular to the tunnel 
axis and No.5/VNo.8 are axial strains at the both side of the tunnel wall at 
two points set 50 m apart. In this record, maximum acceleration is 14.7 gals 
and the maximum strain is 20.4 x 10-

6 

As shown in the figure, main portions of the acceleration and of the 
strain were not coincide, and frequency characteristics of these records 
were nonstational, so that, the records were divided into the following four 
sections: (:t) 'J'he section which includes the maj or portioYls of the records, 
of acceleration and strain (0 to 107.8 sec), (2) The succeeding section where 
there is low frequency component having strain waveforms of more than 1 Hz 
and all waveforms are stationary (108 to 139.8 sec.), (3) The section which 
corresponds to the last part of the records where vibrations of around 0.14 
Hz are predominant in strain waveforms (Ill to 203.4 sec.) and (4) the sec
tion where the strain shows the maximum value (56 to 80 sec.). (a),(b),(c) 
and (d) in Fig. 11 show the power spectra of acceleration corresponding to 
the mentioned above sections (1),(2),(3) and (4),respectively, and (a),(b), 
(c) aYld (d) in Fig. 18 also show those of strain corresponding to the sec
tions, respectively. 

3) Ground motion 
The ground motion of the tunnel site during earthquakes is essential to 

investigate the behavior of the tunnel, but in the observation the ground 
motion was not observed owing to inconviniences of the instrumentation. 
So that, for the purpose of estimation of the ground motion at the site in 
time of the earthquake, Dec.4, 1972, results of the earthquake observation 
performed by the Public \-lork Research Institute, Ministry of Construction, at 
the Ukishima Park which located 4 kID from the tunnel aloYlg the right embank
ment to the estuary of the Tama river, were referred. From the results of 
boring at the park, well compacted sand layer of N-value 60 or more was 
covered by soft silty clay of 50 m in thickness. This geological condition is 
similar to that of the tunnel site. About 7 gals and about 60 gals of maximulll 
acceleration in the earthquake were recorded at the depth of 127 m "and on the 
ground surface, respectively. The former maximum acce~~ration was appreciated 
to be valuable to estimation of the acceleration in the gravel sand layer of 
the site,because this value was not so affected by the soft alluvial layer on 
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the ground surface. 

Fig. 22 shows the predominant periods obtained from the micro-tremor 
observation along the axis of the tunnel. The abscissa denotes the tunnel 
axis, and numbers correspond to the number of the elements. The predominant 
period of the micro-tremor were in accordance well with those of accelera
tion records and strain records of the earthquake. 

The model ground conditions of the ~ight side and of the center part 
of the Tama river were constructed refering these data and the data obtain
ed at Ukishima Park. In Fig. 23,frequency response of the models calculat
ed by wave propagation theory are shown. For the three-layer system (center 
part of the river) frequency components of 0.30 Hz. 0.577 Hz and 1.09 Hz 
are magnified in 7.0, 11.7 and 4.1 times and for the two-layer system, 
(right side of the river) frequency components of 0.3 Hz, 0.7L3 Hz and 
1.19 Hz are magnified to 5.6, 10.0 and 5.7 times, respectively. The ratio 
of the standard deviation for the ground surface to that for the ground at 
the depth of 127 m which were calculated from the frequency response curve, 
is 2.35. From this ratio, the acceleration on the ground s'urface was esti
mated to be 2.35 times of 7 gals,that is, 16.5 gals, although this is not 
completely the maximum acceleration. 

Fig.25 shows the ratio of the amplitude of the tunnel to that of the 
ground of which displacement curves are assumed to be sine wave. Fig.26 
shows strains in the tunnel wall due to axial deformation and due to bend
ing deformation. In these figures, ( Ky/ EI)=4.1xlO- 6 

, (K,,/EA)=6.67xl5s are 
correspond to the tunnel considered. Amplitude of the sine wave is 1 .m. 

From these figures, it is clarified that the wave length of the ground 
motion gives an influence on these values in this case, especially in the 
case of comparatively short wave length and that the acceleration of the 
ground at the level of the tunnel may become greater than that of the 
tunnel. 

:rom the facts above mentioned, in this case, maximum acceleration of 
the ground was assumed to be 1.2 times of that of the tunnel independ
ently from frequency, maximum acceleration becomes about 17 gals. 

In Cd) in Fig. 18, frequency components of 0.27 Hz, 0.56 Hz, 0.87 Hz 
and 1.28 Hz were predominant. Acceleration calcJlated from the power of the 
power spectra were 1.0 gal, 3.2 gals, 3.8 gals and 2.4 gals for 0.21 Hz, 
0.56 Hz 0.87 Hz and 1.28 Hz, respectively. After multiplying these values 
by :.2 and dividing by square of each circular frequency, displacement 
amp:'itude of the ground were obtained as 0.42 cm, 0.3 cm, 0.15 cm and 0.05 
cm in order of lower frequency. 

~) Estimation of stress in tunnel 
Since the surface ground was expected to be consisted of three layer 

in case of this site, the ground condition is not so simple as the ground 
condition assumed in 9, 2. During severe earthquakes, each natural vibra
-cion of the surface ground may be generated indivisually_ So, in this 
case, strains produced in tne tunnel during the earthquake must be treatei 
separately in each freQuency component. 
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Using the ground displacement determined previously, the maximum stress 
in the tunnel during the earthquake was calculated to each frequency as 
follows; 

where 
cic: Response displacement of the ground at the depth of the tunnel; 
0'; Standard value for T, and Tz ; 
C~: Compensation factor for the length of slope; 
Cp: Compensation factor for the value of P ; 
Cs : Compensation factor for the shape of slope. 

cr, C~, C~ and Cs were determined by Fig.5 or Fig.6, Fig.7 or Fig.8, Fig.lO 
or Fig. 11 and Fig. 12 or Fig.13, respectively. In this case, value of (Y for 
0.27 Hz and 1.28 Hz were selected from the values On the line of T z :: 0.9 Tl> 
because there are predominant vibration with frequency nearly equall to this 
frequency in both part of the right side and the center of the river. cr for 
0.27 Hz was estimated by extrapolation of the line. The length of the slope 
was considered about 150 m, then CL :: 1.0 and Cs = 1.0 was assumed. CB was 
expected by Fig.lOto be 1.4 and also 1.3 from the line of case 5 in Fig.Il. 

~ for each frequency was calculated as follows; 

Hz 6'-t( em) -0 (kg!clTV CfJ CL CE cr (kg/c~) 
0.27 0.42 2·5 1.4 1.0 1.0 1.5 

0 0.56 0.30 6.0 1.4 1.0 1.0 2.5 
t 0.87 0.15 6.0 1.4 1.0 1.0 1.3 

1.28 0.05 6.0 1.4 1.0 1.0 0.4 

0.2( 0.42 0.0 1.3 l.0 l.0 0.0 
J B 

0.56 0.30 4.0 1.3 1.0 1.0 1.6 
0.87 0.15 4.0 1.3 1.0 l.0 0.8 
1. 28 0.05 2.5 1.3 1.0 1.0 0.2 

Using these values, J Z62.and X-IO'i were determined as 3.7 kg/cm2 and 
8.3 kg/ cmz • So that , it was known that maximum strain observed in the tunnel 
during the earthquake (maximum strain x Young's modulus), 6.4 kg/em lies 
between these values. 

Another analysis of this type was carried in case of the earthquake of 
M 6.2 and a similar result was obtained. 

The results mentioned above show that this proposed method is capable of 
estimating of the stress (strain) in the tunnel during earthquakes, if the 
ground displacement in time of the earthquakesis given. 

Using a response velocity spectrum to the hard ground presented by the 
Public Work Research Institute, Ministry of Construction, Japan, as shown in 
Fig.14,an estimation of the stress in the tunnel in time of the earthquake 
was carried out in the same process described above. Surface layer of 210 ill 

in thickness of the site was converted to two- or three- layer linear vibration 
system. The damping factors were decided only taking the energy dissipation 
of the vibration system into the base layer. Because the energy loss of the 
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surface layer due to nonlinear characteristics of the soil during the earth
quake was estimated to be comparatively small. Dynamic characteristics of 
the model ground is shown as follows; 

where 
Me 
;)" 

~ 

h 

s 

Hz Me./M h(%) S(cm/sec) err c\ or;. 
----~----------

-~o-0.28 15 1. 0 13.3 10.5 
3-layer 0.58 6 11.1 2.33 22.0 7·5 

1.09 12 4.1 1.66 31.8 5.9 
0.29 79 5.6 2.85 17.8 8.9 

2-layer 0·75 8 10.0 1. 30 42.5 4.5 
i.12 ;:; 2·7 1.24 45.2 4.5 

equi valent mass; 
response magnification of the ground surface to unit input; 
response magnification of the center of the gravity of each mode 
to unit input; 
damping factor (ratio to critical damping) 

h
2 

= (l-h-(1/5c( )/2 ; 
response velocity to the input of 100 gals. 

From Fig.14, response velocityofthe center of gravity for each mode 
was determined and the displacements of the ground at the level of the tunnel 
to maximum input acceleration of 6 gals which derived from the standard 
deviation of the fr~uency response curve of the ground at 127 m in depth, 
were decided. The maximum stresses obtained were as follows, 

J Lo-z '" 8.7 (kg/ crii) LI ffj = 19.8 (kg/Crfi") 
These valued were somewhat larger comparing with those values calculated 
previously. 

§ 4 Consideration on input earthquake motion 

In this paper, a practical method to estimate the stresses generated 
in the tunnel during earthquakes was shown and appreciated. In this method, 
it is fundamental to get information of the dynamic. c.haracteristics of the 
ground and of the frequency characteristics of the earthquake motion of the 
base layer. 

Figs. 20 and 21 are results of the earthquake observation at the Haneda 
Submerged Tunnel (Railway). The similar figures in reference (I) were 
revised and added by new data and replaced by these figures. Fig. 20 shmvs 
the relation between the maximum strain and the maximum acceleration in the 
tunnel during earthquakes. From this figure, it is clear that, although the 
maximum strain increases as the maximum acceleration increases, the one 
value deviates conSiderably corresponding to the other. By 
investigation on the earthquake records in detail, it is found out that the 
deviation of these values depends greatly upon the frequency characteristics 
of the earthquake motion,that is,magnitude of frequency component corres
ponding to the lower natural frequency of the ground. Fig. 21 shows the 
relation between the maximum strain and the epicentral distance taking the 
magnitude of the earthquakes as a parameter. From this figure, it is noteG 
that the maximum strain does not so vary by the epicentral distance when the 
magnitude of the earthquakes is constant, compared with the variation of the 
maximum acceleration by the epicentral distance. These facts show that a 
careful selection of the input earthquake motion taking the frequency 
characteristics and the magnitude into account in dynamic analysis on the 
tunnel is just necessary. 
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Fig. 22 Predominant period of the 
ground at the tunnel site 
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The 500 bed Veteran's Administration Hospital in Lorna Linda, 
California, now under construction, lies in a region of high seismicity 
and was designed for the new VA criteria of remaining operational after 
a major earthquake. Extensive studies were performed to determine site 
characteristics and, as a result, design lateral forces on the structure 
were significantly larger than required by conventional codes. 

This paper summarizes the design procedure used and describes the 
resulting structure. 

INTRODUCTION 

Early in 1973, design began on a 500 bed Veteran's Administration 
Hospital in Lorna Linda, California. The new facility was to replace 
beds lost due to the San Fernando Earthquake of 1971, to add needed 
beds in the San Bernardino area, and to serve as a prototype for a new 
building system developed for the VA. The timing of the project was 
such that the severe damage to hospitals in the San Fernando Earthquake 
was still fresh in mind but sufficient time had not elapsed to allow 
full development of data and conclusions. As a result, the VA required 
that their new hospitals be designed to "remain operational after a 
major earthquake", although no code had beendeve10ped for their new 
design philosophy. Since that time both the VA and the State of 
California have codified design criteria intended to meet that requirement 
for hospitals in their jurisdiction. (4,8) 

The building system to be used in this facility was an open system 
developed for the VA by the joint venture of Stone, Marraccini & Patterson 
and Building Systems Development, that primarily organizes and integrates 
the many complex subsystems required in modern hospitals. (1,2,5,10) 
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Structural requirements of the system were an intermediate span 
shallow floor system, large story to story heights, with lateral force 
resisting elements concentrated in "permanent" mechanical and vertical 
transportation towers to keep the functional hospital ·space as open as 
possible. In terms of planning, the hospital is considered as an 
assembly of large scale service modules of approximately 10,000 sq. ft. 
(930 m2), having variable content and organization. These modules have 
certain common characteristics which permit their assembly into hospitals 
of widely different size, program, s~ting and aesthetic treatment. The 
common characteristics of these service modules include their essential 
mechanical and electrical independence, interstitial space which separates 
functional and service activities, and common subsystem characteristics 
and disciplines. 

Varying structural demands had been a requirement of the system and 
different site and environmental conditions had been considered in its 
development. However, conditions such as extreme seismicity coupled with 
changes in seismic design philosophy had not been contemplated. The San 
Bernardino Valley is seismically very active and the final site selected 
had 11 known active faults within a 65 mile (105 km) radius including the 
San Jacinto and two segments of the San Andreas. Fortunately the flexi
bility of the open system allowed satisfaction of these severe structural 
requirements within the system framework. 

Considering the size, importance, and nature of the project, and the 
new design philosophy for hospitals as a result of San Fernando, extensive 
efforts were necessary to assure an appropriate seismic design. 

SITE STUDIES 

In January 1972 a Site Evaluation Report was done to determine the 
feasibility of building the proposed facility on two sites in Lorna Linda 
considering the high seismicity in the area. The conclusions of that 
report, in part, were "the proposed hospital can be so designed and con
structed at either of the two potential sites as to remain operational 
during the occurrence of a major earthquake". However, the trace of the 
Lama Linda fault was believed to be located near the southeast corner of 
the site most desirable to the VA and a considerable setback from the 
inferred trace was recommended. Further recommendations included use of 
a structural system consisting of a ductile moment resisting space frame 
and properly designed shear walls, a design force level approximately 
twice that of the Uniform Building Code, and a comprehensive investigation 
of the site finally selected to develop further data for design. 

The final Site seismic 
completed in January 1973. 
included the following: 

Hazard Report on the selected site was 
Significant conclusions of that report 

1 - Based on extensive trenching, the surface trace of the Lorna Linda 
fault does not pass through the site. The report said, "Conclusive 
evidence indicated that no surface faults exist on the Lorna Linda 
site; therefore, the probability of surface faulting through the 
site is essentially zero". The most likely location of the Lorna 
Linda fault was said to be 200 to 400 feet (61 m to 122 m) Southwest 
of the site and no specific setback dimensions were recommended. 



2 - Although some ten fault zones within 65 miles of the site were 
studied, the San Andreas and the San Jacinto were identified as 
being most significant in terms of site ground shaking. 

3 - Because of a deep groundwater table, there was no liquefaction 
potential at the site. 

4 - Preliminary ground response analysis indicated acceleration 
amplification factors of 0.9 to 1.1 from rock-like material to the 
ground surface. Surface accelerations were estimated to be 0.6 to 
0.7g (g = gravitational acceleration) from large events on the San 
Jacinto and 0.5 to 0.55g from large events on the San Andreas. 
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To determine response spectra for design, it was necessary to deter
mine the appropriate size and source of specific events to be studied, and 
the characteristics of those events. The following considerations were 
discussed for this determination: 

1 - The VA criteria that the hospital should be operational after a major 
earthquake indicated that the events studied in detail should be 
large. 

2 - Maximum credible events postulated in the Site Seismic Hazard Report 
had recurrence intervals of 100 to 300 years; therefore, the events 
to be studied should be slightly smaller than these maximums. 

3 - Earthquakes emanating from the San Andreas and San Jacinto faults 
undoubtedly would produce the most intense ground motions. Because 
of the different distances from the site, the predominant frequencies 
produced by these sources would be slightly different and, in fact, 
would probably bracket the range of periods pf structures proposed 
for the site. 

It was concluded that the effect on the proposed structures of events 
with the characteristics as shown in TABLE 1 shoUld be studied in detail 
to determine appropriate design parameters. Also listed in TABLE 1 are 
time histories used to represent the chosen events in the subsequent Site 
Response Studies and response spectra development. 

SOURCE DISTANCE MAGNI- MAXIMUM AVERAGE TIME 
FROM SITE TUDE ROCK COMPUTED HISTORIES 

ACCELE- SURFACE 
RATION ACCELER. 

San Andreas 7 Mi. 8+ 0.53 g 0.59 g Synth 8+{CAL) 
(SAl) A-I {Cal tech) 

San Jacinto l~ Mi. 7-7~ 0.65 g 0.56 g Lake Hughes 
(SJ1) Taft 

TABLE 1 - DESIGN EARTHQUAKE CHARACTERISTICS 

The time histories were projected through the site soils using varying 
depths to rock and varying soil properties by procedures developed by 
Seed and Idriss at the University of California. The average of the 
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maximum calculated surface accelerations are also listed above. Response 
Spectra were calculated at the surface for structural damping of 5% and 10% 
of critical. The smooth spectra shown in FIGURE 1 represent the upper 
average of the computed spectra for events SAl and SJl. These smoothed 
spectra were used in the structural pseudo-dynamic analysis to determine 
their effects on the proposed structures. Also shown in these figures are 
the 1959 Hausner generalized spectra and the 1969 Newmark Hall suggested 
generalized spectra. 

DESIGN PHILOSOPHY 

The predominant feature of the Loma Linda lateral design philosophy 
is the phrase, "operational after a major earthquake". Early discussions 
revealed difficulty in specifically identifying a design level consistent 
with this criteria. However, in general terms, it was agreed that 
structural drift should be kept small to prevent damage to contents and 
that ductility requirements should be kept low to minimize structural 
damage. 

A dual lateral force resisting system of concrete shear walls and a 
ductile moment resisting "back up" frame was chosen for the following 
reasons: 

1 - Concrete shear walls as primary elements provide lateral deflection 
control essential to minimizing non-structural damage and internal 
disruption. 

2 - At high lateral force levels it would be difficult, if not impossible, 
to prevent the vertical-load-carrying frame from taking some part in 
lateral resistance. This participation suggests a need for ductility 
considering the uncertainties that must be dealt with in earthquake 
resistant design. The ductility of steel makes its use logical. 

3 - In the event of the unpredictable truly catastrophic earthquake the 
participation of the frame becomes more significant and its use is 
mandatory to insure structural stability. 

4 - The cost of this system is competitive with alternatives and in most 
cases proves most economical. 

Therefore, the stiff primary shear wall system would be designed for 
a high force level that is capable of withstanding at low lateral 
deflections the design events previously described. The back up frame 
will be designed to carryall vertical loads, including the shear walls, 
and to maintain stability laterally for some smaller force level. The 
reduced force level on the frame has been embodied in the Structural 
Engineers Association of California Blue Book(6) for some time and is 
based upon the following rationale: 

1 - The shear walls will provide large damping and energy absorption 
for the frame. 

2 The frame will have a much larger period than the primary system. 

3 - The most intense shaking will probably be over by the time the frame 
is forced to act. 
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The chances of the back up frame being forced to work to its full 
capacity were small, but considering the extent and importance of the 
facility, they could not be ignored. The uncertainties in earthquake 
characteristic prediction and construction quality makes mandatory the 
uses of a frame capable of redistributing forces and preventing collapse. 

CONFIGURATION STUDIES 

It has long been acknowledged that the configuration, and the 
simplicity and directness of the seismic resistant system of a structure 
is just as important, if not more impcrtant, than the actual lateral 
design forces. For this reason, it is necessary for the Structural 
Engineer to work closely with the Project Architect in early configuration 
studies. The architect,therefore, balanced VA program requirements, 
project cost, and inherent seismic resistance in his configuration 
determination. 

For planning and aesthetic reasons a low building was required, so it 
was decided to point toward as low and stiff a building as possible to 
minimize drifts and possibly lower response from the projected response 
spectra peaks (Period = 0.3 sec. for SJl and Period = 0.8 sec. for SAl). 
Solutions using multiple and single buildings of four and five stories, 
with full basement, half basement and no basement combinations were 
studied for optimization of the above three parameters. Symmetry, shear 
wall availability, separation joint requirements, and continuity of 
vertical stiffnesses were considered in evaluating seismic resistance. 

All solutions studied utilizing basements produced vertical stiffness 
discontinuity at the first level. Multi-building solutions were difficult 
to make symmetrical and all required several separation joints. It was 
finally decided that a single block configuration, almost square in plan, 
with no basement, provided the best characteristics considering the 
generalized three parameters studied. 

After the shape was determined, various combinations of shear wall 
locations were tested for sufficiency in extent, symmetry and distribu
tion. Because of the large plan area, it was necessary to balance shear 
wall rigidities throughout the plan to maintain low diaphragm stresses. 

The final configuration is shown in FIGURES 2 and 3. The structure 
is four floors and is built up of service modules as defined by the 
building system previously discussed. The plan is essentially symmetrical, 
has an even distribution of shear walls throughout and, because of the 
regular framing layout, has direct distribution members to all walls. 

DESIGN FORCE DETERMINATION 

Given a response spectrum shape (normalized to surface acceleration 
equal to 1), in our case tailored to the site by a Site Response Study, 
there are still many variable parameters that must be studied and 
estimated before actual design lateral forces can be obtained. A 
compilation of these parameters is listed below as they are used. In 
parentheses are shown the values studied for this project. 
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1 - Approximate the structural damping of the 
proposed structure and adjust the spectrum 
accordingly. 

2 - Proportion the response spectrum shape to 
the extimated maximum ground surface 
acceleration. 

3 - Linearly reduce the spectrum to take into 
account the following effects that are 
difficult to account for numerically in 
dynamic analysis of the structure using 
modal analysis: 

a. Reduction of high singular acceleration 
spikes. 

h. High repetitive accelerations producing 
small displacement responses not causing 
damage proportional to the computed forces. 

c. Duration effects. 

d. Out of phase input motions due to large 
building size. 

It has been suggested that this reduction 
could be as high as 50 percent if all 
effects were present. 

4 - Assign a ductility to the structure for 
determination of yield level forces from 
the adjusted spectrum. The ductility can 
also be calculated as a demand, after a 
force level has been set and the 
structure designed. 

5 '- The analysis and design of the structure 
is then dependent upon the determination 
of the periods of the building; or the 
modeling assumptions made for both the 
structure and its base if a computer is 
used for calculation of all mode shapes 
and periods. 

6 - Combine the modal responses for a total 
response. 

(5%, 10%) 

(SJl - 0.55g to 
0.65g; SAl-
0.6g to 0.65g) 

(0.7 to 1.0) 

(2 to 3) 

(T = 0.2 to 
0.3 sec.) 

(Root mean square, 
Sum of Modes 1 
and 2) 

All of the above steps were performed and the effects of varying all 
of the listed parameters were studied. For the configuration proposed for 
Lorna Linda, the SJI spectrum was used because its peak (0.25 to 0.35 sec.) 
approximately coincides with the building period. It was not considered 
reasonable to assume that the building period could lengthen to the peak 
of SAl spectrum (0.8 sec.) especially considering the spectral value of 
SAl in the critical period range is approximately 60% of SJl. 
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Based upon the above described studies, particularly the uncertainties 
involved, it was decided to set the base shear for the structure at 0.5 W 
(W = Building Mass), design elements at yield le,vel, and calculate an 
approximate ductility demand under various conditions. 

The peak of the SJl response spectrum was set at the first mode 
period in the. following calculations, thereby eliminating the period 
as a variable. An infinite array of ductility demands still can be 
generated by varying other parameters, but the most reasonable combina
tions are listed in TABLE 2. 

STRUCTURAL INPUT ACCELE- RESPONSE CALCULATED 
·DAMPING RATION SPECTRUM DUCTILITY 

REDUCTION DEMAND 

10% 0.55 0.7 1.3 

5% 0.55 0.7 1.7 

5% 0.65 0.7 2.0 
* 5% 0.60 0.8 2.1 

10% 0.65 1.0 2.2 

5% 0.55 1.0 2.4 

5% 0.65 1.0 2.9 

*Considered most probable combination 

TABLE 2 - DUCTILITY DEMANDS 

Since the ductilities calculated are well within the accepted range 
for properly reinforced shear walls with steel column edge members, 
especially with the stress and reinforcing criteria that were used, and 
since shear wall design is practical both economically and architecturally 
at this level, 0.5W was set as the design lateral force. Actual member 
forces were determined by normalizing the full spectrum RMS computer 
solution to 0.5W base shear. 

Using this criteria for shear wall design, the calculated maximum 
story drift-to-story height ratios under full spectral input loadings 
was approximately 0.004, well within presently accepted standards for 
hospitals. 

DESIGN 

Basic framing for the structure can be seen in FIGURE 4. Three steel 
girders, placed at 40'-6" o.c. (12.35 m) run longitudinally spanning the 
22'-6" (6.86 m) column spacing. Eight such bays make up the service 
module which is the structure's basic building block. Steel beams, 
composite with the steel deck and concrete floor, span transversely at 
11'-3" O.c. (3.43 m). The 22'-6" x 40'-6" column spacing is consistent 
throughout except for 54' (16.47 m) inside bays at the courts. Shear 
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walls are always placed at the perimeter of service modules to minimize 
planning interferences. Interior girders are dropped below the beams to 
minimize interference with services running between the beams; this also 
allows beam continuity across the module. All of the above framing 
characteristics are features of the systems integration for which Lorna 
Linda is the prototype. 

The design of the structure can be split into three basic areas: 
the steel moment resisting space frame, the concrete shear walls, and 
the foundations. Each will be discussed separately. 

STEEL FRAME 

The steel frame was designed for a lateral force of O.05W or 10% 
of the total design lateral force. This .1.s less than the usual 25% 
used for back up frames, but. it was not felt that this large lateral 
design force was necessary for the back up frame to perform its 
function. A force of O.05W is still more than three times that 
required by the Uniform Building Code for a back up frame and about 
equal to the total lateral force required if the frame was the 
structure's primary lateral system. Final design of elements was 
based upon the greater values obtained considering the frame acting 
in conjunction with the shear walls for 0.5W or the frame acting 
alone for O.05W. Lateral drift was not considered critical in the 
design of the frame and yield level stresses were allowed in conjunction 
with lateral forces. 

Since the force level in the frame was of a conventional order of 
magnitude, few special problems were encountered. The large collector 
forces created by the overall 0.5W level increased the steel weight of 
the members affected 10 to 20 percent. The criteria that the frame 
vertically support the weight of the shear walls required addition of 
intermediate columns between shear wall columns greater than 22'-6" 
apart. The final frame steel weight was 16.5 1b/sq. ft. (80 kg/m2). 

SHEAR WALLS 

Although shear walls in the project were used in lengths of 40'-6", 
45',54', and 91' (12.35,13.72,16.47,24.7 m), with a variety of 
penetration configurations for architectural use (functional zone) and 
mechanical use (service zone), a typical wall is represented in 
FIGURE 5. The exclusive use of "infill" walls that simply enclose 
portions of the overall steel framing pattern has several advantages: 

1 - There are always beams or girders parallel and on line with the 
walls to serve as lateral force collectors. 

2 - The continuation of these members through the wall allows direct 
transfer of forces from the diaphragm to the wall. 

3 - The columns at the end of walls form the required ductile flange 
members for wall bending. 

4 - Frame members are in correct position to provide vertical support 
for shear wall dead load. 



Thickness of walls varied from a minimum of 12" (30.5 cm) to a 
maximum of 24" (71 cm). Minimum reinforcing to concrete ratio was 
0.25% in each direction. Heaviest wall steel used was 1.2 in2/ft 
(2540 mm2/m) each wayan each face of a 24" wall. 

The predominantly first period response of the stiff shear walls 
coupled with the high force level created large bending moments at 
the base of the shear walls. Net tension forces in the wall flanges 
were as high as 3,800,000 lb. (16,910 KN). This required use of a 
concrete "tension block" to transfer these forces to the foundation 
system (see FIGURE 6). The tension block is cast ober the steel 
column base plate and the tensile forces are transferred to the 
concrete through upward bearing. The block is anchored to a heavily 
reinforced pier cap which spans between the cast-in-place reinforced 
concrete pier foundations. 
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The steel column flanges of the walls are made composite with the 
concrete by shear friction, utilizing welded transfer dowels (FIGURE 7). 
The floor to wall and beam to wall connection is shown in FIGURE 8. 
Shear is transferred through the beam from the wall above to the wall 
below (or from the beam to the wall in the case of beam collectors) 
also by shear friction but using dowels placed through holes pre
punched in the beam flanges. The lightweight floor concrete, weaker 
in shear than the hard rock wall concrete, is not cast through the wall. 
The steel decking was temporarily supported independently of the main 
beams at the wall to further prevent a shear weakness at the floors 
and to allow the contractor freedom to cast slabs and walls independ
ently. The contractor, in fact, used this to full advantage by 
casting slabs continuously and letting the more complicated wall 
construction progress at its own rate. 

FOUNDATIONS 

The use of drilled cast in place concrete friction piers was 
determined by an early economic analysis. Technically, their character
istics of small settlement and high uplift resistance were mandatory. 

As with the shear wall design, axial overturning forces at walls 
required careful consideration of the foundation response to high force 
levels. The piers were designed to transfer 90% of the calculated wall 
overturning moment into the soil. The 10% reduction in calculated 
forces was arbitrary and probably should have been larger. It stems 
from the fact that although the shear wall flexure exists, the actual 
tendency to overturn does not, especially in a short period building. 
The rapid reversals in direction do not allow time for significant 
overturning action to take place. Field observation of earthquake 
damage indicates that designing foundations for full overturning is 
overly conservative. It was decided that small vertical slippage 
between pier and soil at responses over O.5W was acceptable as long as 
vertical load carrying capacity was maintained by insuring pier ductility. 

The treatment of lateral forces at the foundations was a much more 
difficult problem. Coupling the structure to the soil for the structural 



832 

design level of O.SW was a consistent design approach, but the inter
action between soil and foundations at higher force levels had to be 
investigated. Plastic hinging of the piers at the top and at the point 
of centraflexure, as well as soil yielding was inVOlved and the order 
in which these occurred was critical. 

Initially it was determined that the piers under walls placed for 
vertical load and overturning were totally insufficient to transfer 
the distributed lateral forces, wall by wall, into the ground. In 
some walls, it would have been impossible from a physical standpoint 
to provide the required capacity without reverting to battered piers. 
Battered piers were undesirable unless they were used throughout because 
of their incompatibility with the rest of the building, and battered 
piers throughout were uneconomical and would provide no allowance for 
desirable minor movements and energy absorption. The greatest concern 
was to prevent different responses of individual walls due to different 
soil coupling stiffnesses. Such action would negate any dynamic analysis 
which assumes a single response to a single input and would have severely 
damaging effects on the structure. 

For these reasons, it was decided to make all piers, including the 
piers away from shear walls, capable of resisting lateral forces, and 
tie the building together at the ground level sufficiently to force 
unified action of the building base. Although foundation tie beams 
between individual pier locations were already contemplated, it was 
necessary to have diaphragm action in the slab on grade to distribute 
the concentrated loads at walls throughout the building. In order to 
then properly design this system for overall ductility, it was 
necessary to determine pier stiffness under a wide variety of conditions. 
The most difficult portion of overall pier stiffness to determine was 
the basic pier-soil interaction, but varying top fixity conditions as 
well as group action also had to be considered. Exhaustive computer 
stUdies were done to determine the affects of these parameters and pier 
rigidities were calculated. A lateral load of O.SW was distributed to 
the piers according to these rigidities and bending moments calculated 
at that load level. It was discovered that the rotation of the top of 
piers at free-standing columns was causing certain columns to hinge 
between the first and second floor. Tie beams, originally designed for 
axial loads only, were increased in size and properly reinforced so 
that the combined stiffness of column and tie beams always exceeded the 
pier stiffness, thus forcing the hinge into the pier. The piers were 
designed at the O.SW moment at the point of first yield, which, as 
discussed above, always occurred at the pier-cap intersection. However, 
the pier could continue to take additional load until a second hinge 
formed at the point of centraflexure or until the soil itself yielded. 
To insure ductility, shear reinforcing was provided on a pier by pier 
basis for this limiting condition. This design procedure will insure 
consistent elastic response up to O.5W load and will prevent loss of 
vertical load carrying capacity at greater loads caused by sudden 
shear failure in the piers or column hinging. 
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COSTS 

The additional cost of the design at Loma Linda is difficult to 
estimate without a total parallel code design because such a large increase 
in design parameters changes the scope of the lateral systems. However, 
costs 'of des1gns at other force levels were estimated in connection with 
final establishment of the design forces used. By extension of this 
information, the difference in construction cost between Lorna Linda and a 
conventional code (1973 liBC) design can be estimated. These additional 
costs are summarized in TABLE 3. 

ELEMENT 

Shear Walls 

Steel Frame 

Foundations 

Slab on Grade 

TOTAL 

ADDITIONAL STRUCTURAL COST 
OVER CONVENTIONAL DESIGN 

$ 800,000 - $1,200,000 

300,000 -

350,000 -

100,000 -

400,000 

400,000 

200,000 

$1,550,000 - $2,350,000 

Percentage increase of structural cost ($15,850,000) - 10-15% 

Percentage increase of total cost ($55,lOO,OOO) 2.8-4.3% 

TABLE 3 - INCREASE IN CONSTRUCTION COSTS 

The costs are consistent with those reported by the Applied Technology 
Council in a recent report(3) done to investigate the problems of general 
use of the response spectrum approach in design. 

Additional cost and general information, along with project acknow
ledgements, are contained in TABLE 4. 
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OWNER: Veteran's Administration, Washington, D.C. 

LOCATION: Lorna Linda, CA,approximately 60 miles east of Los Angeles 

AREA: 724,063 square feet 

BASIS OF DESIGN: Development Study, VA Hospital System by SMP/BSD, a 
Joint Venture, for the VA Office of Construction Research Staff 

DESCRIPTION: Four floors made up of 15,000 S.F. planning modules each 
mechanically independent. All services distributed through inter
stitial spaces between floors. Exterior of concrete and stucco. 
Structure consists of a steel frame with 40'-6" span steel composite 
beams. Basic lateral system is concrete shear walls. Interstitial 
spaces formed with hung steel purlins and poured gypsum concrete. 

SCHEDULE: Design 1973-1975; Construction 1974-1977 

CONTRACTORS: PHASE 1 - Structural and Site Grading: 
Robert McKee, Inc. 

PHASE 2 - Architectural, Mechanical, Landscape: 
J.W. Bateson Co., Inc. 

APPROXIMATE COSTS: Site and Landscape $ 3,000,000 

Structural 15,850,000 ($21.90 psf) 

Architectural, Transport. 
Equipment 25,900,000 ($25.90 psf) 

H V C 6,500,000 ($ 

Plumbing 6,500,000 ($ 

Electrical 4,500,000 ($ 

$ 55,100,000 
DESIGN TEAM: 

Architect: Stone, Marraccini & Patterson and Building Systems 
Development, A Joint Venture 

Site Selection Analysis: LeRoy Crandall and Associates 
(Consultants: James E. Slosson & Associates 
J.H. Wiggins Co., Brandow & Johnston Associates, 
and Clarence R. Allen) 

Site Seismic Hazard, Site Response and Soil Reports: 
Woodward Lundgren and Associates 

Structural Engineers: Rutherford & Chekene 
(Consultants: Henry J. Degenkolb, H. Bolton Seed, 
Ray Clough, Ed Wilson, and Ben Lennert) 

Civil Engineers: Rutherford & Chekene 

Mechanical Engineers: Ayres & Hayakawa 

Electrical Engineers: Cohen, Lebovich and Pascoe 

Landscape Architect: Arutunian/Kinney Associates 

9.00 psf) 
9.00 psf) 

6.20 psf) 

TABLE 4 - LOMA LINDA HOSPITAL 
PROJECT SUMMARY AND ACKNOWLEDGMENTS 
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A methodology is presented herein for the evaluation of structural 
damage and risk in earthquake engineering. For the purpose of illustra
tion, three types of structures and five levels of damage (inc1uding no 
damage) are considered. Results of this study indicate that it is possi
ble to assess the seismic risk of a certain type of structure in a given 
region with past earthquake records. 

Introduction 

During these last two decades. risk analysis has become an important 
tool for making rational decisions in structural engineering [10,17]. It 
is desirable to describe structural risk in such a way that (a) it can be 
used for design purposes to minimize the total cost for different types 
of structures, and (b) the structures will remain functional during the 
intended life span [5,15,18J. There are various definitions and inter
pretations for seismic risk such as encounter probability, distribution 
of waiting time, distribution of total damage, mean total damage, proba
bility of failure, seismic intensity, and reward-risk-ratio [2,3,5,9,20]. 

A methodology to deal with structural risk in earthquake engineering 
is introduced herein. To-date, seismic risk has been considered in sever
al different ways, and various factors are involved in it. Those factors 
which might be considered in seismic risk analysiS include disease, trans
portation accidents, natural hazards, loss of life [10,18J, material 
properties, structural arrangement, actual loadings [15], damage control, 
and life safety [20]. Generally speaking, the environmental risk in
cluding earthquake probability and the risk for a given building structure 
should be considered. 

The owner of a structure is primarily concerned with costs related 
to the structural risk such as repairing cost, re-construction cost, cost
benefit, and reward ratio [3J. Since these cost factors are easy to 
understand, the damage of structures can be represented in terms of 

Preceding page blank 
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these costs to aid the owner in making a decision such as whether or not 
a damaged structure should be repaired. Some of the statistical methods 
as applied to the repairing cost data for a certain earthquake region 
have been reported [18.19J. In these studies the damaqe was classified 
into several damage states without clear definitions. 

Formulation 

In this study, the following levels of damage are considered: 

DO = no damage occurred 
Dl = non-structural damage only 
D2 ;;;; minor and repairable structural damage 
D3 = major structural damage 
D4 = total collapse of the structure 

Furthermore, define events Ej by using the MMI scale [14J as follows: 

EO ;;;; the occurrence of earthquake(s) wi th ~lMI V or 1 ess 
E· = the occurrence of earthquake(s) with jth intensity 
J 

.-L rlf.1I 

1 VI 
2 VII 
3 VIII 
4 IX 
5 X 
6 XI 
7 XII 

For a given type of structure, the risk of resulting in ith level 
damage with the occurrence of jth intensity earthquake can be found by 
using the following equation: 

(1) 

For a given earthquake intensity j, the frequency of the earthquakes can 
be assumed to follow the Bayesian distribution [1J as given by 

where 

(x + rO)! 

x! r(ra + IT , x = 0,1,2, ... (2) 

random variable denoting the number of earthquakes with inten
sity J during the intended life of the structure 
random variable denoting the intensity of future earthquakes 
past period (years) 
number of earthquakes occurred in to 
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t = future period (years) 

Then, 

P(E j }:; P(X
J 
~ 1, J = j) 

= [1 - pX. (0) ] P (J = j) 
J 

(3 ) 

Using Equations (2) and (3), the risk as given in Equation (1) can 
be evaluated. The probability of having ith level damage for a given 
type of structure is then given by 

7 
P[D.] = 2: r.. (4) 

1 j=l lJ 

Numerical Examples 

Three regions, assigned by Rl, R2. R3, in California have been selec
ted. They are located at: 

Rl: N.l at. 37°20'00" '\, 38°10'00" 
W. long. 121°30'00" '\, 122°30'00" 

R2: N .lat. 36°45'00" '\, 37°00'00" 
W.long. 121°20'00" '\, 121°50'00" 

R3: N .lat. 33°30'00" '\, 34"00'00" 
W.long. 118°00 '00" tV 118°30 I 00" 

The earthquake data in these regions have been collected during a 
two-hundred-year period [6,21] as shown in Table 1. 

Twenty and fifty years are chosen as the intended life-time of 
structures, and the occurrences in the future period are calculated up 
to twenty times. There are two different ways to use the data in esti
mating the parameters of px.(x), and both results are plotted in Figures 

J 
1 through 4. These results show that there does not appear to be any 
significant difference. 

Assume there are three types of structures, namely, A, B, and C. 
Type A structures refer to those which are designed with the state-of-the
art methodology and well-built. Type B structures are designed according 
to current codes and specifications. Type C structures refer to the so
called "non-engineered" structures. For the purposes of illustration, the 
values P[OIIEjJ in Table 2 are assigned subjectively. 

Substituting the values of Px (0) and P(J=j) into Equation 3, we ob-
j 

tain va1ues of P(E j ), which are then used in computing r ij and P(D;] ac-
cording to Equation (4). These results for an intended life-time of 50 
years are plotted in Figures 5 through 7. 
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Discussion and Conclusions 

1. The risk analysis presented herein depends on both the chance of 
the occurrence of certain intensities of earthquakes and the type of struc
tures. 

2. For the purpose of illustration, certain values such as the 
elements of the damage matrix, p[DTIEjJ are assigned subjectively herein. 
It will be desirable to determine these values more rationally later. 
If this methodology were adopted further improvements can be made in 
this regard. 

3. Past earthquake records are used here for the evaluation of en
vironmental risk. It is known that there exists a certain degree of un
certainty in such data. Such uncertainties should also be considered in 
any further developments. 

4. The intensity for each earthquake is recorded by the intensity at 
the epicenter. Since the propagation of seismic motion from the epicenter 
to the site which we are dealing with is a very important consideration, 
a proper propagation formula is needed in order to make this metholology 
more efficient. The empirical equation [7.8,13] 

b m -b 
y = ble 2 [f{R)] 3 € (5) 

can be used for this purpose. 

5. As a result, a seismic risk map according to the damage and risk 
with certain types of structures can be constructed. It could provide very 
useful information for the decision making in the structural design. 

6. In this investigation. the effect of combined occurrences of 
earthquakes with different intensities was not considered. In future 
studies, it will be desirable to account for such combinations. 
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Tab1 e 1 

Number of Earthquakes (t~I > VI) in given regions through 1769-1970 [7,13J 

37°20'00" 121°30'00" 36°45'00" 121°20'00" 33°30'00" ll8°00'OO" 

38°10'00" 122°30'00" 3]000'00" 121°50'00" 34°00'00" 118°30'OOH 

XII 0 0 0 

XI 0 0 0 

X 3 0 0 

IX 0 0 

VIII 2 2 2 

VII 12 7 3 

VI 20 14 11 

Tota 1 37 23 17 

Region Region 2 Region 3 
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Table 2 

Damaqe Level 

Do D, D2 D3 
I 

D4 

1.0 --- --- --- ---
E6 0.9 0.1 --- --- ---

0.8 0.2 0.1 --- ---

0.9 0.1 --- --- ---
E7 0.8 0.1 0.1 --- ---

0.5 0.3 0.1 0.1 ---

0.7 0.2 0.1 --- ---
E8 0.5 0.3 0.1 0.1 ---

0.1 0.3 0.3 0.2 0.1 

,...... 
CiJ 0.4 0.3 > 0.2 0.1 ---
CiJ E9 ....J 0.1 0.2 0.3 0.2 0.2 
CiJ 

..::.! --- 0.1 0.3 0.3 0.3 ttl 
:::l 
C1" 
~ 
~ 
s.. 0.2 0.3 0.3 0.1 0.1 ttl w ElO --- 0.1 0.3 0.3 0.3 I , 

--- 0.1 0.1 0.3 0.5 
I 

0.1 0.1 0.2 0.3 0.3 
Ell , --- 0.1 0.1 0.3 0.5 

I --- --- 0.1 0.2 0.7 

--- --- 0.1 0.2 0.7 
E12 --- --- --- 0.1 0.9 

--- --- --- --- 1.0 
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Summary 

A method of evaluating the non-stationary spectral characteristics of 
the earth~uake excitation is presented, by using the concept of the non
stationary spectral density under the assumption that the earth~uake ex
citation may be considered as a non-stationary stochastic process. In this 
paper, the non-stationary spectral density is defined by the finite time 
averaged variance of output process of the narrow band filter taking ac
count of the resolution in the frequency and time domains. As to the 
characteristics of the narrow band filter, the transfer characteristics of 
one-mass-system can be available. Some discussions on the physical inter
:pretation of this non-stationary s:pectral density are shown and the numeri
cal calculations are carried out for several recorded accelerograms. 
Through these discussions, the evaluation of mean s~uare response of the 
lumped mass system for the non-stationary spectral density is examined, 
relating to the procedure of evaluating the maximum structural response 
from the response spectrum, and the numerical results with regard to the 
lumped mass type structural models are :presented. 

1. Introduction 

It is one of the most important problems for auti-seismic design of 
the building structure to evaluate the non-stationary spectral character~ 
istics of an earthquake excitation, concerning with the procedure of 
assessing such some significant statistical quantities as mean s~uare re
sponse, threshold crossing probability and cumulative fatigue damage. A 
number of recent papers have provided various mathematical representations 
and the physical interpretation for the non-stationary spectra of an 
earth~uake excitation. 

In this paper, the non-stationary spectra for an earthquake excitation 
are defined as the finite time averaged variance of output process through 
a narrow band filter. The characteristics of a narrow band filter can be 
adopted for those of an ideal rectangular filter or one-mass-system with 
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an appropriate damping value. This spectral representation for a non
stationary process implies an approximate description of a non-stationary 
spectral density under the restriction on the resolution either in the 
frequency domain or in the time domain. Furthermore, adopting the transfer 
characteristics of one-mass-system as a narrow band filter, it can be 
considered that the procedure of evaluating the mean square response of the 
lumped mass system is same, in the physical concept, as the evaluation pro
cedure for the maximum structural response from the response spectrum of an 
earthquake excitation. 

We discuss, first of all, on the theoretical background and the physi
cal meaning of non-stationary spectral density, associating with the 
spectral resolution of the filter band-width in the frequency domain and 
the averaging time interval in the time domain. And then, the non-stationary 

spectral densities are evaluated for several actual recorded accelerograms 
and the numerical results are presented graphically. From these analytical 
results of the non-stationary spectral characteristics, the predominant 
frequencies detected at any instant of time are discussed in comparison 
with the results from the stationary spectral analysis. Finally, by using 
the non-stationary spectral density, the numerical evaluations are shown 
with regard to the mean square response of two types of three degrees of 
freedom systems on the basis of the similar technique as the ordinary ap
proach of the so-called response spectrum. 

2. Non-stationary spectral density of earthquake excitation 

An earthquake excitation can be considered as the non-stationary sto
chastic process with duration time from about ten seconds to several minutes. 
The non-stationary characteristics of an earthquake excitation depend upon 
two physical quantities in the time and-frequency domains. One of the 
physical quantities in the time domain is a time variation of energy level 
of an excitation and the other in the frequency domain is a spectral distri
bution of energy at each instant time. As to the examination of the time 
variation of energy level of an earthquake excitation, it seems to be 
suitable to use an envelope function of waveform, Which is equivalent to the 
local variance evaluated by the weighting function with finite time inter
val. By using the evaluation of the local variance of an excitation, the 
facts have been investigated that the envelope functions of the recorded 
accelerograms are slowly varying time function and that the characteristics 
of envelope fUnctions vary with epicentral distance and magnitude of 
earthquake. On the other hand, there are various approaches to the pro
cedure of the non-stationary spectral analysis for an earthquake excitation 
based on the concept of the generalized spectral density for the non
stationary process. In this section,the definition of the non-stationary 
spectral density is discussed from the viewpoint of spectral distribution 
of energy in the frequency domain. 

The non-stationary spectral density is defined, in the following e
quation (1), as the time averaged variance within the time interval to of 
output process x(t) through a narrow band filter get) with band-width 6.f. 

t+ !B.. 00 00 

</>(f, t) = L f 2 dt' Alf f f g(!;1)g(!;2)K (t'-!;l> t'--!;2)d!;ld1;2 (1) 
to t- .:k... LI _00 _00 x 

2 
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where Kx(t, tIl is the covariance function of output process x(t) with re
gard to the time t and t'. It is, therefore, clear that this spectral 
density function is the positive real valued function with respect of two 
variables ,fre~uency f and time t. In e~uation (1), the filter character
istics get) is adopted to the ideal rectangular filter with center freQuen
cy f and narrow band-width 6f. 

get) = TI~ sinn6ft cos2nft 

G{f) = u{lf'I-(f- ~)} - U{lf'I-(f+ ~)} 
} 

where U represents a unit step function. Substituting e~uation (2) into 
eQuation (1), then we have 

( 2) 

t+ ~ 00 00 1 

~(f, t) =! f t: dt' 6~ J f Kx(t'-Sl' t ' -S2) n~slS2 sinnbfsl sinn~fs2 
° t- - _00 -co 

1 2 (3) 
x - {cos2nf(sl-S2) + cos2nf(sl+s2)} dSlds2 

2 

Taking the integral of the above eQuation ~(f, t) over the area of total 
frequency domain (_00, (0) with respect to f, we have 

t+~ 00 

() f() If 2 1 1f{( ) Q t := ~ f, t df '" 2t to dt ld' K t I -s b t '-t; 1 
°t_ 2 -00 x ( 4 ) 

+ K (t'-t; t'+t;)} (sinnHS1 lds 
x l' 1 nSl 1 

In (4), it is necessary to determine the averaging time interval to and 
narrow band-width bf appropriately under the consideration for the total 
time duration of an earthquake excitation and the natural period of 
building strl1cture. Because of slowly varing properties, within "the time 
interval to,both of the envelope function and spectral characteristics of 
an earthquake excitation, the covariance function Kx(t, t') might be as
sumed to be locally-stationary, and so eq.(4) reduces approximately to 
eq.(7) by using eqs.(5) and (6). 

K (t'-s, t'+sl ~ I(t') K (21OJ ( 5) 
x x 

00 

S (p) = f K (1:;) e-j21TPs ds K (FJ J s (p) ej21TPs dp 

} x x x x 
-co _00 

( 6) 00 

e -j2rrgt' dt I 
00 

L(g) = f let!) I (t' ) = J L( g} j2rrgt d e g 

Q( t) 

In these eQuations, let) is an envelope function which represents the vari
ation of energy level of x(t) and Kx(s) is a covariance function with unit 
mean square value. Considering the following relationship, 
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.., r TJ_\ §Jn1Tpto~ ej21TPtdp 
npto 

D{p) ;:::: 0 

} (8 ) 

in which, Sx(v) is constant within the interval ~f. Taking the restriction 
of band-width ~f and averaging time to as ~fto~l in e~.(9), we have 

t+ ~ t+ .:!:£... 
Q(t) =.L f 2 I(t')dt' == ~ f t: KX(t ' , t')dt' (10) 

to t- ~ 0 t- ~ 
From this, it is pointed out that the function ¢(f,t) may be an approxi
mate representation of spectral density in the neighbourhood of instant of 
time t. 

The filter characteristics in eq.(2) are available for the transfer 
Characteristics of one-mass-system which are so-called narrow band filter 
by an appropriate value of damping coefficient. 

get) = ~fe-1T~ftsin21Tft U(t) } 
21T~ff (11) 

G(f) =( f2._f'2 )t-jllff' 

Making use of this filter characteristics, the concept of the non-station
ary spectral density can be applied in the same way as the case of obtain
ing eq.(lO). Then, corresponding to eqs.(3) and (4), we have 

Assuming the same conditions in eqs.(5), (6) and ~fto~l, we obtain the 
following result similar to es.(lO), 

t 
00 co t+ -£.. 

Q(t) = f ¢(f, t)df ~ 4! f dp ~ f t: L(p)ej21TPtldt' 
-co _00 0 t- --

2 

t+ ~ 
== L f 2 I ( t I ) dt 

to to 
t- 2 (14) 

3. Spectral characteristics of the recorded accelerograms 

In this section, the numerical evaluations of the non-stationary spec
tral density defined in e~.{l) are 'carried out for the cases of five kinds 
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of the recorded accelerograms; El Centro (1940), Taft (1952), Vernon (1933) 
,Olympia (1949) and Tokachi-oki (1968). As mentioned in the previous sec
tion, the evaluation of the non-stationary spectral density for an earth
~uake excitation corresponds to that of the spectral distribution of the 
input energy, the time variation of which is described by the envelope 
function of the waveform of an excitation. For the recorded accelerograms, 
the spectral distribution at any instant time and/or the time variation 
of the spectrum at any frequency can be evaluated from the non-stationary 
spectral density. So that the numerical results of the spectral distribu
tion at each instant time is represented graphically in comparison with 
the spectral characteristics by the application of the ~uasi-stationary 
analysis. 

The restriction with respect to ~fto' as shown in the previous section 
, suggests in itself the restriction for the resolution either in the 
frequency or time domain. For the usual building structure with its natural 
fre~uency of 1 - 2 Hz and the strong ground motion of 1 - 2 minutes dura
tion time, their resolutions are re~uired in the frequency domain where 
the fre~uency resolution ~f is less than about 1/2 Hz and also in the time 
domain where the averaging time to is less than about ten seconds. On 
carrying out the numerical analysis, the values of ~fto are chosen within 
the range from 1.25 to 20.0 under the consideration for the resolution as 
above mentioned. 

The analytical results by the definition in eq.(l) are shown in fig
ures, from Fig. 1 to Fig. 5. The frequency range in the numerical analysis 
is from 0.1 Hz to 5.0 Hz and a number of the instants of time are located 
at three points within the duration time of the excitation. Some of the 
parameters peculiar to the filter characteristics of one-mass-system are 
determined so as to maintain the unit area for the total energy of the out
put process. The ordinate in Figp.l and 2 is scaled, with reference to the 
case that the maximum acceleration amplitude of the excitation is unity. 
On the other hand, in order to illustrate clearly the difference of the 
spectral characteristics at each instant time, the scale of the ordinate 
in Figs. 3 - 5 is determined under the condition that the energy level of 
the excitation at the corresponding instant time is unity. 

Figs. l-(a), l-(b), 2-(a), and 2-(b) show that the degree of the reso
lution decreases according to the values of ~fto, for the case of El Centro 
and Taft accelerograms. From these results, it seems to be necessary to 
take a comparably small value of ~fto so as to assure the resolution 

for these accelerograms with about half a minute duration time. Figs. 3 -
5 reveal the analytical results of the spectral analysis for Vernon, 
Olympia and Tokachi-oki accelerograms in the case of two kinds of the 
values of ~fto' The time variation of the spectral characteristics can be 
estimated from the feature of the variations for the predominant frequency 
and its peak value, so that the tendency of the time-dependent spectral 
characteristics for the recorded accelerograms are apparently pointed out 
in these figures. It is, therefore, necessary to consider sufficiently the 
influence of the time variation of the spectral distribution for the 
problems of evaluating the structural responses as statistical quantities. 

As shown in Fig. 6, the spectral density of El Centro accelerogram.is 
provided from the application of the stationary analysis, with regard to 
stationary part of quasi-stationary process whose deterministic function 
is given by the envelope function of an excitation. In this figure,there 
exist some predominant frequencies of the recorded accelerogram at the 
frequency about 1 Hz, 1.5 Hz, 2 Hz and 3 Hz. These predominant frequencies 
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is found to coincide with several frequencies, which are obtained from 
the total sum of the spectral characteristics at each instant time in Fig. 
l(c). From this fact, we find that the spectral distribution in the sta
tionary analysis, which seems to indicate the smoothing results averaged 
over the total duration of the excitation, is decomposed into the non
stationary spectral characteristics at each instant time. 

4. Mean square response of lumped mass system 

The mean square response of linear structural system subjected to non
stationary random excitation has been studied on the basis of random pulse 
sequense, quasi-stationary process and locally-stationary process. 
In general, the evaluation of the mean square response of multi-degree of 
freedom system is included in the determination of covariance matrix of 
output response of structural system. In order to determine this output 
covariance matrix, it is necessary to evaluate impulsive response function 
matrix and input covariance matrix. By using eigen value matrix and eigen 
vector matrix of the structural system, the representation of output co
variance matrix can be reduced to simple form, concerning to the structural 
systems with the mOdal uncoupling characteristics. For usual building 
structures with some small damping values, it is reasonable to suppose the 
modal uncoupling characteristics of structural system and so the maximum 
value of the structural response can be evaluated by response spectrum 
technique on the application of modal analysis. In the problem of calcula
ting mean square response by non-stationary spectral density, the transfer 
characteristics of one-mass-system should be adopted as narrow band filter, 
and its band-width ~f, which gives the resolution in frequency domain, is 
determined by the value of damping coefficient of one-mass-system. 
Considering the fact that a value of damping coefficient in usual building 
structure is small, it seems to be valid to adopt the transfer character
istics of one-mass-system as a narrow band filter. On the other hand, it 
is unable to adopt large averaging time interval on account of the natural 
frequency of the structural system and the duration of an earthquake exci
tation, although the averaging time interval to is desirable to be suffi
ciently large under the condition such as ~fto~l. This condition is, in 
particular, important for the response analysis of structural system with 
the long period. From this restriction for ~fto' it is advisable to take 
the value of ~fto as comparably small value at the sacrifice of the 
strict characteristics as spectral density, in order to preserve the reso
lution in the frequency and time domains. On evaluating the mean square 
response by making use of the evaluation procedure as mentioned in this 
section, it is pointed out that the influence of cross-correlation among 
different vibration modes is considered to be small in contract with the 
value of its variance in vibration modes, and so the influence of cross
correlation can be neglected in the evaluation of mean square response. 
Then,it is permissible to calculate the mean square value of displacement 
response at any point as the sum of each mean square response at the corre
sponding point with regard to normal coordinate. The mean square response 
of lumped mass system is, as a result, evaluated from the figures obtained 
in the previous section on the basis of similar evaluation procedure as that 
of response spectrum. 

In this section, we investigate two types of three degrees of freedom 
systems, in which mass distribution {m} and stiffness distribution {k} are 
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as follows; 
CASE I; { m } = { 1.0, 1.0, 1.0}, {k} = { 1.0, 1.0, 1.0 } 
CASE II; { m } = { 1.0, 1.0, 1.0}, {k} = { 0.5, 0.823, 1.0 } 

The natural circular fre~uencies and the vibration modes of the structural 
systems are shown in Fig. 7, taking the standard quantities of mass and 
stiffness as M and K respectively. Fig. 8 shows the numerical results of 
the mean s~uare response of displacement~, which are-obtained from Figs.l-( a) 
and 2-(a) for the case that the fundamental natural frequencies of both 
structural systems of CASE I and CASE II is 2 Hz and the values of ~fto for 
the El Centro and Taft accelerograms are taken as 1.25 and 1.5 respectively. 
It is found that the influence of first vibration mode is predominant in 
the results of the mean s~uare value of displacement response in both cases. 
As the filter band width is related directly to the damping ratio of one
mass-system, the value of damping coefficient can be represented by the 
filter band-width ~f. For an example, by expressing the filter band-width 
~f as the frequency interval at the height of half a its peak value, ~f 
becomes to be equivalent to 2hfo, where hand fo represent values of damping 
ratio and fundamental natural fre~uency respectively, and then, corresponding 
to ~fto of 1.25 and 1.5, the damping ratios of 5.5 and 6.2 percents are 
obtained with respect to fundamental natural frequency. The dotte~ lines 
sho,m in Fig. 8 present the mean square responses, by the earthquake 
response analysis, that are evaluated at each instant time as the time 
averaged variance of the structural system within finite time interval. 
The averaging time intervals are 5.6 seconds for the El Centro accelerogram 
and 6.0 seconds for Taft accelerogram. It is found, in this figure, that 
these results correspond successfully to the results evaluated by the non
stationary spectral density. The differences between both results are about 
from ten to twenty percents and this arises from the reason why the influence 
of correlation among the vibration modes is neglected. 

5. Concluding remark 

In this paper, some discussions on the non-stationary spectral density 
are presented, in which the non-stationary spectral density is defined by 
the finite time averaged variance of output process through narrow band 
filter taking account of resolution of the frequency and time domains. By 
using this, the non-stationary characteristics of the recorded accelerograms 
are evaluated numerically. It is, moreover, shown that the mean s~uare re
sponse of the -lumped mass system can be evaluated from the non-stationary 
spectral density by adopting the transfer characteristics of one-mass
system as a narrow band filter. 

In order to maintain strictly the characteristics as spectral density, 
it is re~uired to satisfy the condition ~fto~l. Concerning to an usual 
earthquake excitation, duration of which is less than one minute, the reso
lution in the frequency and time domains is restricted by this condition. 
It is, therefore, necessary to use comparably small value of ~fto in order 
to preserve the characteristics as spectral density. 

From the analytical results of the recorded accelerograms, it is found 
that the spectral characteristics evaluated from the application of the 
theory of quasi-stationary analysis are decomposed into the non-stationary 
spectral characteristics at each instant time. The time-dependent spectral 
characteristics of an earthquake excitation are detected from these analYses 
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for the recorded accelerograms, and then the statistical evaluation of the 
structural response analysis is suggested to be necessary for the ase~sm~c 
design of a structure taking account of this time-dependent characterlstlcs. 

The method of evaluating the mean s~uare response of the lumped mass 
system is examined and the numerical analyses are presented for tw~ types 
of the structural system. Through this investigation, the evaluatlon pro
cedure of the mean s~uare structural response seems to be developed by 
using the non-stationary spectral density. 
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In this paper a dynamic earthquake analysis of a large bottom support
ed boiler is presented. The assumptions and modeling techniques necessary 
to developing the mathematical model are stated and the dynamic response of 
the structure and the resultant stresses are tabulated. The results of the 
dynamic analysis are compared to the results of the static earthquake anal
ysis which is presently required by the various nationally accepted build
ing codes. In addition, results are presented of a dynamic analysis of the 
same boiler using a more detailed mathematical model. The advantages of 
both models are discussed and recommendations are made based on a compari
son of the results presented. 

INTRODUCTION 

Most building codes require that a structure be designed to resist 
earthquakes. The method of analysis usually specified is based on static 
analysis procedures. An equation, which is a function of the total weight 
of the structure, is used to determine the total horizontal earthquake 
force to be resisted by the supports of the structure. This force is then 
divided into increments acting along the height of the structure. The 
method used in distributing the horizontal force results in having more 
force near the top of the structure, The structure is then analyzed, 
treating the earthquake loads as constant static forces and without consid
ering the structure's response to the dynamic nature of this earthquake 
loading. A static method of earthquake analysis was a good practical 
method to use prior to the development of the high speed computers and the 
various sophisticated programs capable of analyzing very large and complex 
structures. A better analysis and design can result by using a dynamic 
earthquake input at the base of a structure and then determine the earth
quake loads resulting from the actual response of structure to the dynamic 
load Using such a method the load distribution becomes a function of the 
structures flexibility and it changes if the flexibility of certain members 
is revised. This type of approach is more realistic and it identifies more 
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I ~ .... 

FIG. 1 Typical Arrangement of Boiler and Auxiliary Equipment 

adequately the structure's behavior during an earthquake. In addition, the 
designer develops more confidence in the adequacy of the structure to re
sist an earthquake when he observes its response and understands its be
havior when subjected to a dynamic force. 

The actual structure is represented in the computer by a mathematical 
model. The accuracy of the results will depend on the accuracy of the 
model. However, in. large complex structures it is impossible to model all 
structural details. When time and economics allow, the designer can de
velop more confidence in the mathematical model by observing the changes in 
its response when certain key members are modeled differently. This way, 
he can determine the sensitivity of certain members and how detailed their 
modeling has to be, For this reason the mathematical model used in this 
paper is compared to a similar but a more detailed model. The results of 
the analysis using two models are tabulated and compared. Recommendations 
are made as to the need of such an effort in designing a structure. 
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PROCEDURE 

In the writer's o~lnlon, the development of the mathematical model is 
the most im~ortant phase to performing a dynamic analysis. upon the accu
racy of the model depend the results of the analysis and how close they 
represent the actual structure. The computer can do an excellent job in 
analyzing a model. The designer needs to assure himself that his model 
truly represents the actual structure. This is easier said than done. Ex
perience coupled with a good understanding of structural dynamics are the 
best guides. 

A boiler is composed of numerous components. It is not possible to 
include all the components in the mathematical model. In developing the 
model used in this paper the boiler components were combined and repre
sented as follows: 

1 Drums 
These are large and thick pressure vessels which are modeled as 
structural members and are represented by their actual geometric 
properties. 

2. Generating Tubes 
There are more than a thousand tubes connecting the upper (steam) 
drum and the lower (water) drum. Since they are too numerous to in
dividually re~resent in the model they are combined into equivalent 
members whose ~roperties represent their total actual flexibility. 

3. Superheater Tubes 
These tubes, due to their large number, are also re~resented by 
equivalent members as is the case with the generating tubes. 

4. Screen Tubes 
These tubes are also modeled using equivalent members. 

5. Wall Tubes 
These tubes are membraned together. Their properties are best repre
sented modeling them as orthotropic plates. 

6. Supports 
Careful consideration should be given to modeling the boiler sup
ports to reflect their true behavior during operation. This is 
necessary since most supports provide resistance in only specific 
directions while accommodating the thermal expansion of the struc
ture. 

7. Pipes and Structural Members 
All these members are modeled using their actual geometry and prop
erties. 

Having developed the geometrical configuration and proper ties of all 
members and establishing their space coordinates, one has fully described 
the mathematical model to be used in the analysis. The earthquake spectrum 
required as input is the next step. For the structure analyzed in this 
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FIG. 2 Mathematical Model of Bottom Supported Boiler 
5 Rows of Equivalent Tubes 

paper a typical spectrum representing a Zone 2 earthquake with a 2% damp
ing has been used. The same input has been used in all three directions. 
The computer program used to analyze the model is titled FESAP. This 
program is a modified version of the SAP program developed by Dr. E. L. 
Wilson of the University of California, which has been revised for our 
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Company's own use. The figures 2 and 3 contain the mathematical model 
and a diagram of the earthquake input used in this study. 

The work performed may De divided in the following three phases: 

1. Dynamic earthquake analysis of a five row of equivalent tUDe model. 

The mathematical model used has lumped the generating screen and 
superheater tubes in five rows 

2. Static earthquake analysis of boiler. 

The model used is the same as above and a static earthquake input is 
applied on its members. 

3. Dynamic earthquake analysis of a seven row of equivalent tube model. 

The mathematical model has been revised to represent the generating 
screen and superheater tubes DY seven rows, The effects of that to 
the structure's response are reviewed and compared with the original 
model. 
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RESULTS 

Phase 1 

The boiler structure has many components of identical geometry and 
stiffeners. When analyzed, this results in many closely spaced model fre
quencies. As anticip~ted, the structure's participation in most of these 
modes is insignificant. Only the dominant modes have large participation 
factors which results in forces and moments critical to the design of the 
structure. These are the modes of importance to the designer since they 
identifY the members responding to these modes and the predominant direc
tion of response which is very important in understanding the structure's 
behavior. The Table 1 on the following page indicates the predominant 
frequencies, participation factors and direction of response for the bot
tom supported boiler being analyzed. The mode shapes corresponding to the 
three predominant frequencies are indicated on the Figures 4, 5, and 6. 

By observing the response of each member and the resulting model 
stresses the designer can ascertain what, if any, changes are required to 
make it earthquake resistant. In other words, he can readily determine 
which members are the "weak links" of the design. This cannot be done by 
a static analysis because it is the response of the member to a dynamic 
load that produces a large displacement or a high stress condition. If 
changes are made to the critical members of the model and as a result, 
their flexibility or boundary conditions are changed, then another analysis 
should be made because the overall flexibility of the structure may have 
been altered. This process Should be repeated until all components re
spond and are stressed within the acceptable limits. 

In combining modal accelerations, displacements, and stresses the 
method of summation commonly used is the square root of the sum of the 
squares which has been identified herein as RSS. A table showing the 
results of this summation is shown on Table 2. The stresses shown on this 
table are the maximum dynamic stresses resulting from the earthquake analy
sis. In addition, the total effects of the analysis on the supports and 
the total stresses on all the members of the boiler structure, including 
normal operating stresses have been tabulated in order to obtain the total 
stress of each member. The total stresses obtained using this method are 
conservative since all maximum stress values are not always at the same 
location. The results are shown on Tables 3 and 4. The allowable stress 
used is the minimum yield stress for each member. This is an acceptable 
allowable used in various codes and it appears to be a good practical 
limitation. 

The results of this analysis indicate that this type of boiler can 
adequately resist an earthquake of a Zone 2 severity. ~~e earthquake 
spectrum used is one of many established for use in a nuclear installation 
and in the writer's opinion it is typical for a Zone 2 intensity. 
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TABLE 1 DYNAMIC CHARACTERISTICS OF THE lVlODEL 
.----~~~-------~--~-,------~ 

FREQUENCY CPS ,1,6 -L 912. 613.13~3 3· ~.~ 3 :4.8 : 5· 2 5.5 5.6 
PARTICIPATION I I .. ;--.. +_. -- , I 

FACTOR __ ~_,..? 721._ 1,43,,_:3- 8, 8. 19._~ 5: 6..:~~, 8. 7 6.2 i 7.1[8.2 i3 . 0 
I; ; III r 

DIRECTION i X X 'X ( J~._ .. .lX_X ,Y . ~_~ __ !_~Z_J_Z __ :~ z 

- ----------
TABLE: 2 Results of Dynamic Analysis on Boiler Components 

Square Root of the Sum of the Squares - RSS 

Acceleration -G Displacement - In. Stresses - KSI (MFa) 
Corr,ponent (em \ 

X Y Max Min 
X Y Z._...,_ X ~_.~C, Z Bend Bend Axial Prine Prine 

Generating 200 0.89 0.06 -'2.-24 0-70 0.04 n.7 0.3 0.1 
Tubes (5·7) ( J . 8) ( -]0) 94.5 ( 2.1 ( 7) -- --

Screen 0_66 0,77 o ]4 2.3b 0.75 0,1)2 0.1) ]6.6 0.6 
Tubes (6.0) (J.9) (2.1) 5 5) ( ]]4. ( 4.1 - .. --

Roof 0.09 0]9 o. ]4 0.84 0.20 0.01 -- -- -- 3.8 0.2 
Tubes (2.1) ( 51 ) (.03) 26.2) 0.4) 

-----, 

Floor ° 09 0.20 O. J7 0.08 o 20 0.02 -- -- -- 9·3 0.3 
Tubes (0.2) ( , 5) ) ( .05) (64.1 (2.1) 

Front TAfall 00l 0.2J 0 o 01 0.20 0 -- -- -- 1.1 0·9 
Tubes ( 03) ( 51) (7. 6) (6.2) 

- ...... ~~ ~~.~ 

Rear Wall 0, J 2 0.21 0 0.11 0.20 0 -- -- -- 3.6 01 
Tubes 1 ( .28) ( .51) (24.8 ) ( .7) 

I -- I----

Sidewall 1°. 37 0.20 0 0.23 0.20 ° -- -- -- 5.2 0.1 
Tubes ( . 58) ( .51) 35.9) ( .7) 

1 
Superheate~0,30 0.30 0.03 I 1. 09 0·30 0.J2 7.0 0.4 0.1 -- --
Tubes 1 (2.8) (.67) ( .05) ( 48. ) (2.8 ( .7) 

Supply 0.09 0.19 014 0.09 o. J9 0.02 1.2 0.6 0.1 -- --
Tubes 

i ( 2'1 ) ( . 1~8) ( 0,)) (8.~ (4 1 ( 7) 

Riser 0]0 0 19 0.08 0.07 0.20 0.01 0.6 0.4 0.1 -- --
Tubes ( J8) (.51) ( 03) ( 4.1) (2.8) (.7) 

Drum o II 0 0 0.10 0 0 ].9 4.0 ],0 -- --
Supports ( 25) (]3.1 (27.6 (6.9 
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TABLE 3 Results of Dynamic Analysis on Boiler Supports 

Support Accelerations G Displacements J 
In.(cm) Reactions \TPS (kN) 

Points X Y Z X Y Z X Y z 
22·9 11.0 33·7 

" 0 0 () (101. ( ,)( 48 9 149.9) -25 ~ Right () () f'I 

m r-. 0.10 
(?~'~J 27·3 ::;:I=l Left --on 0 0 ( 25) 0 0 '?1 hi 

0.10 0.20 0.002 7.3 38.9 --
@ Right 0.10 0.19 0 ( . 25) (.51) ( .005 (32.5 (173.( ) 
ill ~ 

38.S +0 f.< o 10 0.20 0.002 -- --WI=l 
Left O. ]0 O.lg ( .2'5) ( . '51 J ( .00'5 [( 72.6') 0 

0.06 0.20 _00 -- 5.3 
ill Rear 0.07 0.20 0 ( . J 5) ( . 51) 0 (2~.6) rcJ 

0.03 0.20 38.4 .,4 
_00 --Wr! 

Middle 06 0.20 (.08) ( . 51 ) (170.8) +or;;j 0 0 0 
'§,::;: 

0.01 0.20 o 8 .,-j -- . --
~ Front 0.04 0.20 0 ( ,03) ( ·5] ) 0 (3.6) 

0.06 0.20 -- -- 5.3 
ill Rear 007 0.20 0 ( J 5) ( . 51 ) 0 f-Jn.61 rcJ 

.,4 ,.., 004 0.20 -- -- 37 5 w,.., 
Middle 0.08 0.20 0 ( • J 0) ( . 51) 0 (]66.8) til 

t~ O.U.I u.20 -- -- I 1 Q) 
Front 005 020 0 ( 03) (.'51) 0 (4.9) H 

+Or! 
001 0.20 J 5.2 §r;;j -- --

r~ ~ Right 0 0] 0.20 0 (.03) ( . 51) 0 67.6) 

I I i i I ! J 

J ~ ! I I f\ j 

f ! 

~ ... t=t: :=..:. .~=- :3::1' . ~= ; +-<-. -" - ... ::--~--.- ---:-. :.=~::.=:±:::-

I III 

1 

Frequency Frequency 
=: ]'6 CPS = 2.6 CPS 

. . .. 
1-..+- 4 z FIG. 5 . " ... _- . _ .. _- FIG. 

x_l 
. . - . . . -z 

I I I x_l ! 
:..= .. :: -=.J._- .t:-:-· ":'::1= f.;::; .. ,- ... .... -.. -00 

- u._ .... ......... -
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--_ ...... . -----.-.---~----

TABLE 4 Summation of Stresses KSI (MPa\ 
Design Pressure - 1500 PSI 10.34 MPa) 

Componen·_ IPressure Pressure Earth Dead Total AllowablE 
( Ci rc ) (Lorrg ) auake Load 

27-7 Generating 9·2 4.6 ]37 3.8 22.1 
Tubes ( 63. It) ( 3]. 71 (94 5) (26.21 (152 4) (J91 0) 
Screen 9.2 4.6 ~ 6.6 6.3 27 5 27 7 Tubes (63.4) (317) U:1 4 ')) (4~,4) (J 8q 6) ( 1 q] 0) 
-1:\001 10,9 5.5 3 8 1.8 J] 1 ]94 Tubes (75.2) (37. 6) 26 2) (J2,4) (76.5) (13:3.8) 
Floor lO 9 5.5 9 3 1J . J. 25·9 277 
Tubes (75,2) (37·6) (64. ]) (76.5) (J 78 6) (191 0) 
From .. Wall JQ·9 5·5 L1 3.5 10.1 :1.9.4 
Tubes (75,2) (37.6) (7,6) ( 24,1) (69. 6) (133. 8) 
Rear Wall ~OJ9 5.5 3.6 1.5 10.6 19.4 
Tubes (75,2) (37.6) (24.8) (10.3) (73.1) (133.8) 
Sic[ewall. JO.S! 5.5 5.2 7,1 17.8 194 
Tubes (75.2) (37.6) (35.8) (48,9) (122 7) (1338) 

Superheate 8.5 4.3 7.0 7.1 18.4 23.5 
TubeR (58.6) (29·3) (48.3) (48.9) (126.9) (162:~_ 
Supply Jj.C b~ 1.3 -9,1) 17.5 22. 
Tubes :91. 0) (45.5) (9.0) (66.2) (120 7) (154.4) 
Riser 13·2 6,6 0.7 10.3 J.7.6 22.4 
Tubes (9')·0) (45,5) (4.8) (7~.0) (121. 3) (154.4) 
Drum -- -- 4.4 2.3 6.7 32.9 Supports 

(30.3) (15.9) (46.2) I (226.8) 

I '!] /fr~ 11 I 
•. ! 1IJ--

i/:I I h I I 
i ~I"" \ if =I-(,j~= 

Frequency 
= 3 0 CPS 

orN. Ea. A'lALY!iIS of BOT SU1.P 1l0llER 5B~N~5 .Ie;. .~p 

FIG. 6 

Material 
& 

lTemp:z~ 
SA-J78c 
600 (316 

SA-~ 
600 

SA-178A I 
600 l.3.J.Qlj 
SA-J.78c 
600 (316) I 
sA-178A I 
~OO (316) II 

SA-178A 
600 (316) I 
SA-178A I 
600 l»GJj 
SA-210A 
~90 C482j 
~A-106A I 
pOO (31621 
SA-I06A 
600 (316) 

A-36 
200 (C)':l,) 



878 

Phase 2 

The results o~ the static earthquake analysis have been tabulated and 
appear on tables 5 and 6 They are compared with the results from the 
dynamic analysis One can clearly see that the two types of analysis 
yield di~~erent results. The displacements of the dynamic analysis are 
considerably larger than the displacements o~ the static analysis ~or the 
generating and screen tubes. Large di~ferences are also observed in the 
resultant stresses for several members. In most cases the dynamic analysi 
yields higher stresses. 

r---------------------~------------------.. ----.-.-.-- .... ----------.... 
TABLE 5 LOADS ON BOILER SUPPORTS - KIPS (kN) 

I-------~-------

SUPPORT 
POINTS 

DYNAMIC ANALYSIS STATIC ANALYSIS 
r------~-.. ---·r-··-·--··-------- --------. ------ -----------.-- ------

X I Y Z X Y Z 

f
--------------------·-·- ---.. ---------t·--·------ f__---------f-------------

22 9 J1 0 33.7 40.6 9 2 26 2 i ~ I Right - _~OJ~9_)~ _~48:~_f__J-J~~.:..~l _~~:~.9.~~L. _L~~: 9L_i~_16_~L 
!3: A 6.5 273 1 5.2 22.3 

Left (28.9) (12].4) (23.1) (99.2) 
f-----+---~-.-.--+----- I-------f------I---.--If-.------+ 

Right 
7 3 

(32.5) 
38.9 

(173.0) 
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Phase 3 

In order to develop confidence in the modeling techniques used to re
present the boiler, the mathematical model was revised by increasing the 
number of equivalent members representing the boiler tubes. This model 
has 200 more joints than the one originally used on FIG. 2. The results 
of a dynamic analysis performed on this model are compared to the original 
model on table 7 and 8. It can be observed that the two analyses yield 
very similar results in most areas. However, they differ considerably on 
the stresses produced on the screen and superheater tubes. These tubes 
are the most flexible tubes and participate the most at the lower modes 
In order to reduce the total stresses on the screen tubes additional in
ternal supports will be installed tying them to the roof tubes. For the 
rest of the boiler components, plus the support end reactions, the 
original results are considered adequate . 

. --~ .. -

TABLE 7 LOADS ON BOILER SUPPORT8 KIPS (kNJ 
DYNAMIC ANALYSIS DYNAMIC ANALYSIS 

Support Original Model Revised Model 
Points 

X v Z X _. ___ X _____ ___ Z _____ . __ 

22·9 11.0 33.7 22.2 6.6 29.2 ;.., 
OJ 9 Right (J01. 9) (48.9) (149.9) (98.7) (29.4) (130. ) 
tl ;., --.-~.,-~,~ --,,-,-,,-, .- ,." -~ ,~ ~-... --.~- .... _- -_ ... ~-.. ---.-.-.----" - -- "-"---~--'--- t-----.. --
:S:Q 6.5 27.3 4.1 -- -- 23.3 

Left (28·9) (J 21. 4) (18.2) (103·~2 ---_.-_ .. 

§ 
7·3 38.9 -- 7.2 30.0 --

OJ § Right (32.5) 073.0) (32.0) (133.4) 
+' H 
(J)A 38.8 -- -- -- 30.0 --

Left 072.6) .1)33 4 
-~-

-- -- 5·3 -- -- 2.9 
OJ [Rear (2~.6J -(..l2...9+. rd ---
'H 
(J) 

38.4 1(1~~:~) .-1 -- -- - - --
+'~ MifJ(Jl p 4+0 Ii ~::.: 
'H 
P'::I 

I ");''''<""Ini- (~. ~~ -- -- -- -- 0.5 
~-~ 

I -- -- -- --

I RAI'Il" (~~ 3 
h ~ 3.1 

rlO:) .'1' 
OJ ! 

cd i 

i 'H .-1 i 

(JI' ~\ -- -- 34.2 (J) r-I! -- --
+' ~ !M'; rlill ~ i 

i ( , ?'h"l. \ 
'H ! OJ -- -- 1.1 -- 0.8 H 1-

--
Front (4.9) I (3.6) 

-
+'.-1 

1 

15.2 16.1 

I 
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COMMENTS & RECOMMENDATIONS 

The effect of this type of earthquake input on the boiler structure 
was relatively moderate. The reason for this is the fact that most of the 
important components, generating tubes, screen tubes, and superheater tubes 
are very flexible. This reduces the shock input into the structure during 
an earthquake. Therefore, even though numerous modes were considered, the 
resultant total stresses were Dot very high. 

In comparing a conventional static earthquake analysis with a dynamic 
earthquake analysis the results of the support end reactions vary consid
erably. The stresses on most boiler components are similar except for the 
most flexible members for which the dynamic analysis yields much higher 
stresses. It is the writer's opinion that a dynamic analysis procedure 
should be used in designing most structures and especially those of high 
human occupancy and of critical nature. In a dynamic analysis, by observ
ing mode shapes and modal stresses, the designer has a more realistic pic
ture of the structure's behavior during the earthquake. This strengthens 
his confidence in the structural integrity of his structure to resist 
earthquake. 

In establishing a mathematical model of a boiler structure, numerous 
assumptions and approximations are required in order to reduce the struc
ture to within practical limitations. The most important task in simplify
ing or reducing the various components is to first understand their actual 
behavior and its effect on the total model. This is easy to say and ex
tremely difficult to accomplish. Individual members could be analyzed to 
determine their natural frequency and compared to the frequencies of the 
total model. The sensitivity of the model can be checked by modeling im
portant members using more than one modeling technique. This way, it can 
be determined how sensitive the overall structure is to their modeling. 
with this type of information available to him, the designer can then 
finalize the mathematical model and proceed to design the structure. 

In testing the modeling techniques used, another mathematical model 
was developed which yielded higher stresses in two of the most flexible 
members. These stresses were discovered only because of the additional 
effort to evaluate and substantiate the adequacy of the original model to 
represent the boiler structure. Of course, this approach cannot always be 
followed because of time and economic considerations. However, it should 
be practiced whenever possible in order to establish the sensitivity of a 
mathematical model to several of its components and determine the best 
method of representing them. 

The writer recommends that a dynamic analysis design procedure be de
veloped and incorporated in the present building codes. The procedure will 
have to be comprehensive in order to safeguard against user's oversimplify
ing the mathematical roodel. All users should be required to perform cer
tain basic steps in modeling to assure them of the adequacy of their model 
to represent the actual structure. The analysis is an approximation, but 
with good guidelines and judgment it can be a good approximation. The thing 
to remember is, if a structure affects people every possible precaution 
should be taken to assure tbeir safety. As engineers, we are responsible to 
give our best engineering effort in all of our designs. 
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SUMMARY 

In order to demonstrate the site-dependency effect in a seismic 
response evaluation and to develop an understanding of the degree of 
conservatism inherent in utilizing seismic input based only upon NRC's 
Regulatory Guide 1.60, a series of one-dimensional seismic response 
evaluations were performed for the soil conditions at a nuclear power 
plant site, using a one-dimensional strain compatible shear wave 
propagation theory. Thirty-three (33) earthquake records, as well as 
the artificial time history generated in accordance with Regulatory 
Gu i de 1.60, were used as input in the response ana lyses. 

The results of this study indicate that the use of seismic input 
obtained from Regulatory Guide 1.60 can be overly conservative in 
defining the seismic design parameter evaluation for a nuclear power 
plant site. In the seismic evaluation of a specific site, it is more 
appropriate to utilize various earthquake time histories, recorded at 
similar site conditions, as input. 

INTRODUCTION 

The dynamic response of a site from incoming earthquake excitation 
is influenced by a number of factors, including (but not I imited to) 
the characteristics of the seismic input and the geological condition 
at the site. Commonly, in evaluating the seismic response and I ique
faction potential of a nuclear power plant site, the seismic input is 
artificially generated in order to yield response spectra enveloping 
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the design response spectra outl ined in the Nuclear Regulatory Commission's 
(NRC) Regulatory Guide 1.60 (USAEC, 1973). 

The earthquake time history so generated is generally considered 
conservative, particularly when used to define response characteristics 
and liquefaction potential of soils. The conservatism inherent in this 
type of seismic input can result from: 
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1. The generated earthquake time history which combines a wide 
range of earthquake frequencies that cannot be developed in 
any single real site condition. This, in turn, may impose 
artificially high responses and stresses in any analytical 
model of a soil deposit; and 

2. This artificial time history will have to contain several high 
spikes having magnitudes near the maximum site acceleration 
value in order to yield response spectra enveloping those 
specified in the NRC's Regulatory Guide 1.60. This also, in 
effect, will vastly overestimate the seismic response effect 
upon a real site soil. 

It is also worthwhile to point out that the seismic input so 
generated does not differentiate between the possible site response that 
may result from a variety of site soil and geologic conditions that 
obviously will occur at different plant locations. 

In view of the above shortcomings, it may be desirable, in appro
priate situations, to use actual soil and earthquake time histories 
recorded upon soil and geologic conditions similar to those at the 
selected nuclear power plant site. In the study reported herein, 
thirty-three (33) earthquake records, as well as the artificial time 
history generated as outlined in NRC!s Regulatory Guide 1.60, were used 
as seismic input for the seismic response evaluation of a nuclear power 
plant site. 

The purposes of this study were to demonstrate the site-dependency 
effect in a seismic response evaluation and to develop an understanding 
of the degree of conservatism inherent in uti lizing seismic input, based 
only upon Regulatory Guide 1.60. In order to accomplish these purposes, 
a series of one-dimensional seismic response evaluations were performed 
for the soil conditions at the plant site, using a one-dimensional strain
compatible shear wave propagation theory (Schnabel, et aI, 1972). The 
results of these seismic response analyses were grouped into two basic 
categories for evaluation. The first category included those earthquakes 
recorded at site conditions similar to those at the plant site; the 
second included all 33 earthquake records irrespective of site geological 
conditions. The effect of seismic responses within the soil column 
resulting from these actually recorded earthquakes were then compared 
with those generated from the artificial time history derived from the 
Regulatory Guide 1.60. 

The details presented in this paper were developed as part of the 
parametric study of the affect of various seismic inputs upon the 
response of a nuclear power plant site. The soil profile and 
associated material properties used in this study were specifically 
developed for this site. However, it is the writers! consensus that 
the concepts, results and conclusion of this study are generally 
appl (cable to other possible nuclear power plant sites, particularly 
for those with a deeper soil column. 
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ANALYSIS PROCEDURES 

As in any analysis, various degrees of approximation and sophisti
cation can be implemented in a one-dimensional seismic response evalua
tion. The basic requirements for a high-quality,one-dimensional seismic 
response evaluation should take the following factors into consideration. 

I. The variation of soil characteristics with depth; 

2. The non-line~r and energy-absorbing (damping) characteristics 
of the soils; 

3. The degree of conservatism inherent in the seismic input; and 

4. The effect of seismic responses on the stabil ity (liquefaction 
and cyclic straining) of the site soil column. 

Consequently, the state-of-the-art procedures for a one-dimensional 
seismic response evaluation are as follows: 

I. Determine the strain-dependent shear moduli and damping ratios 
for the soils within the profile; 

2. Determine seismic input (time history and elevation of 
app1 ication); 

3. Evaluate the seismic response; and 

4. Evaluate the effect of seismic responses on the stability of 
the site soils. 

For this study the earthquake motion was input at the free field 
deconvoluted to a depth (160 ft.) where no significant changes in response 
were noted. 

SOIL PROFILE AND PROPERTIES USED IN THE ANALYSIS 

A seismic response evaluation of a power plant site should be 
based on a subsurface profile and soil properties developed from 
extensive field investigation and laboratory testing programs. The 
methods and details of field and laboratory investigations for a 
typical site are presented by Hall et al (1974) and SW-AJA (1972), 
and are not included in this paper. 

As previously mentioned, this study was developed as a portion of 
the parametric study to determine the effect of specific earthquake 
motion upon a nuclear power plant site. The associated soil profile 
used in this study consists of alternate layers of sands and clays of 
variable thickness. The strain-dependent shear moduli and damping 
ratios used in this study were determined from extensive field and 
laboratory testing programs. The soil profile and strain-dependent 
properties used in this study are summarized in Table I. 
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SEISMIC INPUT 

In this study, 33 earthquake time histories physically recorded 
upon various soil conditions and used by Blume et al (1973) formed the 
basis of the one-dimensional seismic response evaluation. It was these 
33 earthquake records that were the basis of the response spectra 
specified in Regulatory Guide 1.60 presented herein. The pertinent facts 
concerning these 33 earthquake records are summarized in Table 2. For 
this study. all time histories were normalized with respect 'to a maximum 
ground acceleration level of 20 percent of gravity corresponding to the 
Safe Shutdown Earthquake (SSE) level specified for the nuclear power 
plant site studied in this paper. 

An artificially generated earthquake time history with a maximum 
acceleration level of 20 percent of gravity was also developed to yield 
response spectra closely enveloping those specified in Regulatory Guide 
1.60. This artificially generated earthquake time history input is 
shown in Figure I and is also used as seismic input in the one-dimen
sional seismic response evaluation. For simplicity, the artificial 
earthquake time history shown in Figure I will be referred to as the 
Regulatory Guide 1.60 time history in this study. 

In this study, each seismic input was specified at the top of the 
surface of the soil profile in accordance with the current practice in 
soil dynamics. This location of seismic input is in agreement with the 
NRC requirement (USNRC, 1975). 

SEISMIC RESPONSES ANALYSES - 33 EARTHQUAKE RECORDS 

A series of one-dimensional seismic responses analyses, using each 
normalized earthquake time history as input at the top of site soil 
profile, were performed. The seismic responses in terms of induced 
shear stresses within the site soil profile were first evaluated 
util izing a one-dimensional strain-compatible shear wave propagation 
computer program developed by Schnabel, Seed and Lysmer (1972). This 
computer program is capable of incorporating strain-dependent material 
properties using iterative equivalent linear properties which account 
for non-linear shear moduli and damping characteristics of the soils. 

The induced stress levels from the excitation of the 33 earthquake 
records were then analyzed statistically obtaining the mean and the mean 
plus one standard deviation values of response. The statistical process of 
selecting the mean plus one standard deviation value is commonly used to 
determine a near upper bound value,and also formed the basis for the 
Regulatory Guide 1.60 response spectra criteria. 

The mean and mean plus one standard deviation values of the seismic 
induced maximum shear stresses within the soil profile under the 
excitations of the 33 earthquake records are shown in Table 3. For 
comparison purposes, the maximum shear stresses within the same soil 
profile,using the Regulatory Guide 1.60 time history as seismic input, 
are also shown in Table 3. 
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The ratios of the mean and mean plus one standard deviation values 
of maximum induced shear stresses under the excitation of the 33 earth
quake records to the maximum induced shear stresses due to the Regulatory 
Guide 1.60 time history, are plotted in Figure 2. 

The results shown in Table 3 and Figure 2 indicate that: 

I. The mean values of the maximum induced shear stresses within 
the soil profile caused by the 33 actually recorded earthquake 
time history excitations are sma! ler than the maximum shear 
stresses from the Regulatory Guide 1.60 time history; 

2. The mean plus one standard deviation values of the maximum 
induced shear stress due to the excitations the 33 earthquake 
time histories are smaller than those from the Regulatory Guide 
1.60 time history everywhere within the soi I profi Ie, except 
for a few feet near the top of the soil profile where they are 
approximately on the same order of magnitude; and 

3. "The use of the Regulatory Guide 1.60 time history as seismic 
input in the seismic response evaluation for a nuclear power 
plant site is conservative for the type of soil column 
investigated. 

SE I SM I C RESPONSE - S I X Etl.,RTHQUAKE RECORDS 

The soil profile described in Table I can be categorized as a deep 
soil deposit site. It would appear reasonable to study the effect of 
several earthquake records obtained at similar deep soil deposit sites 
on the seismic response of the soil in question. Table 2 indicates six 
earthquake records which were recorded at deep soil deposit sites. 

The mean and mean plus one standard deviation values of the sesimic 
induced maximum shear stresses within the soil profile, based on the 
six earthquake records obtained at deep soil deposit sites, are shown in 
Table 4. Again, the results of the seismic response using the Regulatory 
Guide 1.60 time history as sesimic input are also shown in Table 4 for 
comparison purposes. 

The ratios of the mean and me2 ·)lus one standard deviation values 
of the maximum induced shear stress;~ under the excitations of these 
six earthquake records to the maximu~ induced shear stresses within the 
same soil profi Ie from the Regulatory Guide 1.60 time history are 
compared on Figure 3. 

Based on the results shown in Table 4 and Figure 3, the following 
remarks can be made: 

I. The mean and mean plus one standard devi at i on va 1 ues of the maximum 
induced shear stresses within the soil profile from the 
excitations of six earthquake records obtained at deep soil 
deposit sites are much smaller than the maximum shear stresses 
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induced by the Regulatory Guide 1.60 time history. Thus, the 
use of Regulatory Guide 1.60 time history as seismic input will 
yield unduly conservative results in the seismic responses 
evaluation of a nuclear power plant site on a deep soil site. 

2. Comparison of the seismic response results shown in Table 3 
with those shown in Table 4 clearly indicate the site-dependent 
effect in the seismic responses analysis of a nuclear power plant 
site. In aseismic response evaluation of a nuclear power plant 
site, it would appear more appropriate to utilize several 
earthquake time histories recorded at similar site geological 
conditions or artificially generated earthquake time histories 
in accordance with site-dependent response spectra, such as 
those recommended by Seed et al (1974) as seismic input. An obli
gatory use of the Regulatory Guide 1.60 time history as seismic 
input may yield unduly conservative results in evaluating the 
seismic response of soil solumns. 

SEISMIC RESPONSE EFFECT ON SOIL STABILITY 

The effect of variations in the duration, frequency content and 
acceleration level of an input earthquake is reflected in the induced 
shear stress time histories within the soil profile. The induced shear 
stress time history, like the seismic input, is cyclic in nature and has 
erratic magnitude. The duration and amplitude of the induced shear 
stress is of great significance in present day state-of-the-art analyses 
of soil stability under earthquake loading. 

To aSsess the seismic response effect on a site soil, the irregular 
shapes of the induced shear stress time histories within the soil profile 
can readily be converted to an equivalent series of uniform stress 
cycles on an energy basis. This equivalent serres may be compared 
directly with cyclic shear strength data obtained from physical laboratory 
tests, under uniform cyclic stress conditions, upon the site soils. 
This conversion is accomplished by appropriately weighting the ordinates 
of the stress time history based on a standard weighting curve repre
sentative of laboratory test data (DeAlba et al, 1975). Details of 
conversion procedures have been presented by Lee and Chan (1972) and 
Seed, et al (1975). 

The usual practice in present-day soil dynamics analyses is to 
convert the induced shear stress time history to an equivalent uniform 
stress value,T, corresponding to a suitable number of cycles of 
application. This equivalent stress value,T, is usually taken to be a 
certain fraction of the maximum induced shear stress computed from the 
mathematical model. Therefore, the maximum induced shear stress and the 
equivalent number of cycles of application are the two important 
parameters to indicate the possible level of seismic response effect 
on the stability of the site soil column. 



The effect of various earthquake records as well as the Regulatory 
Guide 1.60 time history on the magnitudes of the induced shear stress 
within the soil profile are already illustrated by the results shown in 
Tables 3 and 4, and Figures 2 and 3. In attempting to define the level 
of conservatism in a standard Regulatory Guide 1.60 analysis, the 
remaining task thus is to investigate the effect upon the determination 
of the equivalent number of cycles from the 33 actual earthquake records 
as well as from the Regulatory Guide 1.60 time history. 

The results of calculating the equivalent number of cycles of 
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stress application based on the seismic input of the 33 earthquake records 
and the Regulatory Guide 1.60 time history (in accordance with the 
procedure of Seed, et al 1975) indicate: 

I. The calculated equivalent number of cycles based on the induced 
shear stress time histories from the 33 individual earthquakes 
in soi Is near the top of soil profile is on the same order of 
magnitudes as those calculated from the original time history 
input; 

2. The calculated equivalent number of stress cycles from the 
induced shear stress time for soils located more than a few feet 
below the top of the soil profile is slightly less than those 
calculated for soils near the ground surface; and 

3. The calculated equivalent number of stress appl ications, based 
upon each of 33 individual earthquake records, are much less than 
those calculated using the Regulatory Guide 1.60 time history as 
seismic input. 

In other words, the use of the Regulatory Guide 1.60 time history 
as seismic input will result in an over-estimate of the seismic response 
effect upon a site soil column as concern the number of calculated stress 
cycle appl ications. This over-estimate wi 11, in turn, lead to an over
conservative evaluation of site soi I stability under earthquake 
exc i tat ion. 

To further emphasize the degree of conservatism, it is worthwhi Ie to 
note that the most important factor influencing the results of equivalent 
number of cycles calculation is the earthquake "magn itude'\not the 
absolute value of acceleration level (Seed, et al 1975), nor by the 
convenience of enveloping a broad spectrum of recorded site motions 
(Regulatory Guide 1.60). 

For the site analyzed in this study, the earthquake input with 
maximum ground acceleration of 20 percent gravity was determined on the 
basis of the regional and site geologic and seismic history in accordance 
with lOCFR100, Appendix A criteria. The SSE was determined to have a 
Richter magnitude less than 6. According to the results of a study by 
Seed, et al (1975), it would be reasonable to assume that the effect of 
each induced shear stress time history is approximately equivalent to 
5 cycles of a uniform stress having an amplitude on the order of 0.65 of 
the maximum induced stress. However, the calculated effect from the 
shear stress time history specified by Regulatory Guide 1.60 can be found 
to be roughly equivalent to 15 cycles of a uniform stress appl ication 
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with arnagnitudebeing equal to 0.65 of the maximum induced stress. Thus, 
the conservatism of blindly using the Regulatory Guide 1.60 time history 
as seismic input is even more apparent. 

CONCLUSION AND REMARKS 

The results of this study indicate that the use of seismic input 
obtained from Regulatory Guide 1.60 is overly conservative in the seismic 
response evaluation of a nuclear power plant site. The extent of 
conservatism depends on the characteristics of the specific site 
geological conditions. While there is little doubt that the use of NRC 
Regulatory Guide 1.60 is extremely useful in providing a I'first pass ll 

evaluation of site seismic response, its use without a full understanding 
of its inherent conservatism may needlessly penalize sites otherwise 
suitable for nuclear facility construction. The designer must also 
understand the different degrees of conservatism which result when using 
Regulatory Guide 1.60 time histories for evaluating structural response 
in contrast to site response. In the seismic evaluation of a specific 
site, it is more appropriate to utilize various earthquake time histories, 
recorded at similar site conditions, as seismic input. These more 
realistic earthquakes can better represent the seismic input that the 
site may actually experience during the IIdesign life" of the plant. 
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TABLE 2 

LIST OF 33 EARTHQUAKE RECORDS 

Maximum Total 
Earthquake Acce1erogram Acceleration Duration 

(g) (Seconds) 

1940 E1 Centro, St. 1 South 0.359 53.73 
1940 E1 Centro, St. 1 West 0.224 53.47 
1968 Hachinohe, Japan EW 0.187 119.92 
1968 Hachinohe, Japan NS 0.230 119.92 
1971 San Fernando St. 241 NS 0.258 59.50 
1971 San Fernando St. 241 EW 0.140 59.60 
1954 Eureka N11oW* 0.175 77.95 
1954 Eureka N790E* 0.283 79.56 
1934 El Centro St. 24 South 0.169 90.32 
1934 El Centro St. 24 West 0.184 90.26 
1949 Olympia N4°W* 0.183 89.16 
1949 Olympia S86OW* 0.306 89.15 
1971 San Fernando St. llO S690E 0.289 61. 87 
1971 San Fernando St. 110 N210E 0.335 61.82 
1966 Cholame-Shandon St. 33 N65E 0.509 43.78 
1965 Olympia S4oE* 0.161 82.14 
1965 Olympia S86°W* 0.229 82.l3 
1971 San Fernando St. 446 N790W 0.152 40.26 
1971 San Fernando St. 446 NlloE 0.225 40.31 
1971 San Fernando St. 220 S900W 0.154 65.15 
1971 San Fernando St. 220 NOooE 0.181 65.34 
1935 Helena EW 0.156 51.04 
1935 Helena NS 0.141 50.94 
1966 Cho1ame-Shandon St. 34 N05W 0.403 44.01 
1966 Cholame-Shandon St. 34 N85E 0.467 44.03 
1966 Lima N80 E 0.369 65.68 
1966 Lima N82 0W 0.269 65.68 
1957 Golden Gate N100E 0.106 39.86 
1957 Golden Gate N800W 0.127 39.86 
1966 Temblor N65W 0.282 30.41 
1966 Temblor S25W 0.411 30.42 
1952 Taft N21E 0.177 54.40 
1952 Taft S69E 0.189 54.40 

*Records obtained at Deep Soil Deposit Sites 
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TABLE 3 

STATISTICAL RESULTS OF MAXIMUM INDUCED SHEAR STRESSES -
33 EARTHQUAKE RECORDS AND REGULATORY GUIDE 1.60 TIME HISTORY 

Maximum Induced Shear Stress~ Tmax~ Esf 
Depth Below Top Results from 33 Earthquake Records Regulatory 
of Profile (ft) Guide 1.60 

Mean Mean & Sta. Dev. Time Historz 

3.5 83 88 88 
9.5 203 225 224 

14.5 267 313 312 
19.5 325 392 414 
26.5 356 448 502 
36.5 392 519 600 
51.0 516 679 772 
67.0 644 868 970 
83.0 730 1010 1167 
99.0 786 1101 1313 

115.0 820 1157 1473 

TABLE 4 

STATISTICAL RESULTS OF MAXIMUM INDUCED SHEAR STRESSES 
EARTHQUAKE RECORDS ON DEEP SOIL SITE AND REGULATORY GUIDE 1.60 TIME HISTORY 

Depth Below 
Top of Profile 

(ft) 

3.5 
9.5 

14.5 
19.5 
26.5 
36.5 
51. 0 
67.0 
83.0 
99.0 

115.0 

Maximum Induced Shear Stress , 1: max, psi 
Results from 6 Earthquake Records 

on Deep Soil Site 

Mean Mean & Sta. Dev. 
(PSF) 

82 84 
204 216 
270 301 
328 381 
359 435 
423 494 
546 602 
671 841 
781 1024 
859 1169 
911 1241 

AGS/l. 60 
Earthquake (PSF) 

88 
224 
312 
414 
502 
600 
772 
970 

1167 
1313 
1473 
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SUMMARY 

In practice the dynamic response of nuclear power plant containment 
structures is generally obtained by modeling the structures as either a 
lumped mass or a finite element model. The choice of model depends on 
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the object of the analysis. This paper investigates the validity of the 
choice of a model to represent the actual shell structure. Cylindrical, 
hemispherical and containment vessel shapes are considered. The criteria 
for a minimum number of nodal points is also determined for both methods of 
analysis. 

Treating the containment structure as a hollow cantilever beam of a 
length measured to the top of the dome, the Timoshenko beam equation 
predicts the structure frequencies with reasonable accuracy for a beam 
type mode (n = 1) up to the 3rd mode, while the bar theory predicts the 
fundamental frequency of the axisymmetric mode en = 0) with equally 
acceptable accuracy. The simplicity of this approach is highly recommended 
since standard published curves and simple equations may be used as a means 
for a reliable prediction of containment natural frequencies. 

Preceding page blank 
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INTRODUCTION 

Nuclear power plant containment structures generally consist of 
cylindrical shells with domes. Although the combination of torus and 
spherical segment domes have been used in the past, hemispherical domes 
are more commonly used at the present time. Both prestressed concrete 
and reinforced concrete have been used in the construction of containment 
vessels. In the dynamic analysis of seismic response of the structures, 
it is assumed that the material is linear, elastic isotropic and homog
enous. Furthermore, the effects of hatches, prestressing tendons, 
buttresses, etc. are assumed to be negligible and hence the containment 
vessel is considered to be axisymmetric. 

Closed-form analytical solutions of thin shells are limited to 
special cases only. In practical analyses, the containments are generally 
modeled as discrete systems and analyzed by means of numerical methods. 
Two different numerical methods are generally used: the lumped-mass model 
and the finite element method. The method utilized depends on the purpose 
of the analysis: the lumped-mass model is used to generate in-structure 
response spectra and gross forces on the structure, and the finite element 
method is used mainly in stress analysis for structural design. 

In applying the lumped mass method, shells are modeled as discrete 
systems in which masses are concentrated at nodal points and nodes are 
connected to each other by beam elements of uniform cross-sectional area. 
The general equation of motion of such a model is 

[M] {X} + [e] {X} + [K] {X} = - [M] {ti} + {F} (1) 

where [M], [e] and [K] are mass, damping and stiffness matrices, respec
tively, {F,} represents an external force vector, and {ti} a ground acceler
ation vector. In the present study, the stiffness matrix is generated 
based on beam element model including shear deformation and rotary inertia 
effects [5], and the mass matrix is a consistent mass matrix which 
accounts for the actual distribution of mass throughout the structure. 
The computation of the consistent mass matrix is similar to the Rayleigh
Ritz formulation [1]. Thus the natural frequencies obtained by the use 
of the consistent mass matrix are an upper bound to the exact solution. 

The finite element computer program used in the present study is a 
refinement of ASHSD code developed at the University of California, 
Berkeley [3]. The program discretizes the axisymmetric shell as a series 
of frustrum of cones, and the solid of revolution as triangular or quad
rilateral toroids connected at their nodal point circles. 

In the present presentation the studies of the convergency and 
accuracy of the structural modeling techniques are primarily based on the 
comparison of their natural frequencies. 
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DYNAMICS OF CYLINDRICAL SHELLS 

The ratios of radius to wall thickness and length to radius of the 
cylindrical shells used in nuclear power plant containment structures are 
relatively low in terms of thin shell structures. The following values 
will be used as representative of most structures: 133.5 ft (40.72 m) 
diameter, 180 ft (69.26 m) height and 3.75 ft (1.23 m) wall thickness, 
Poisson's ratio of 0.27 and shear area coefficient of 0.5. It is believed 
that variations of these values would not invalidate the conclusions 
reached in this paper. 

Horizontal excitation 

It has been shown by Lin [4] that, based on a linear thin shell 
theory, a fixed-free cylindrical shell (fixed at one end and free at the 
other end), subjected to horizontal base excitations, can only be excited 
in a beam-type mode. Thus, only a beam type mode (n ~ 1; n is the circum
ferential mode number) is considered here. 

Based on the finite element solution, the natural frequencies vs. 
total number of elements used are plotted in Fig. 1. It is found that the 
refinement of element sizes next to the boundary will not improve the 
results at all. Since the frequencies appear to be convergent when the 
calculations are based on 48 elements, these frequencies will be assumed 
to be the "exact" solutions. 

In the beam-type mode vibration, the cross-sectional shape of the 
cylindrical shell is not distorted, thus the cylinder can be treated as a 
cantilever beam. Timoshenko's beam equation, which takes into account the 
effects of shear deformation and rotary inertia, is used to calculate the 
natural frequencies of a cantilever beam vs. ratios of radius of gyration 
to beam length. The results are plotted in Fig. 2. 

The effects of shear deformations and rotary inertia become predomi
nant for r/£ ~ 0.05. It must be pointed out that similar curves published 
in texts have been erroneously presented, implying that these effe~ts 
become important only for much larger values of r/£. The frequencies for 
the sample problem considering the shell as a Timoshenko beam are shown in 
Fig. 1. The first two modes show excellent correlation to the finite ele
ment solution. Similar conclusions have been made by Forsberg [2] that 
indicate that the Timoshenko's beam theory can be used for long shells of 
£/a ratios greater than 7. In the present study £/a = 2.7. 

The results shown in Fig. 1 can be better visualized if the frequen
cies obtained for all models are normalized to the corresponding frequen
cies of the "exact" model, i. e. the model with 48 elements. These results 
are plotted in Fig. 3. It is seen that the 8 element model yields results 
with less than 10% error. This suggests that for proper modeling radius 
to element length ratios should be greater than 3. 

In using a lumped mass model, the cylinder is divided into segments 
(nodes) of equal length, and the normalized frequencies based on 
various node numbers are shown in Fig. 4. The normalization is made 
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to the frequencies of the Timoshenko beam, on the premise that, as shown 
in Fig. 1, the Timoshenko beam equation accurately predicts the first two 
frequencies of the shell. It is seen that the lumped mass solution always 
gives an upper bound to the exact solution, as expected, when using the 
consistent mass formulation. For a maximum 10% error the number of nodes 
to be used is one higher than the mode number. Thus, if the 3rd mode is 
of interest, a 4 node model would be sufficient. 

Vertical excitation 

When a cylindrical shell is subjected to a vertical motion, an axi
symmetrix mode of vibration (n = 0) will be excited. In this case, the 
dynamic equation of a thin cylindrical shell can be reduced to a sixth 
order differential equation. For any fixed number of axial wave of free 
vibration, the shell will have three modes having three separate eigen
values which involve (i) a pure torsional motion, (ii) a pure longitudinal 
motion, and (iii) a primary radial motion. For axial motion the shell can 
be considered to be a bar, and for radial motion, it can be considered to 
be a ring. Bar theory can only predict the longitudinal displacement com
ponents and the axial forces. For the case of alh = 20, lla = 5, and 
v = 0.3, the frequency obtained from a bar theory is approximately 2.5% 
higher than that from shell theory, and the axial force is approximately 
5.5% higher [2]. 

By using the finite element method, the natural frequencies of the 
axisymmetric vibration of a cylindrical shell based on the model of 48 ele
ments are assumed to be the convergent values. Similar to the horizontal 
case the normalized frequencies are plotted in Fig. 5. 

Based on a bar theory, the frequency equation of longitudinal vibra
tion of the fixed-free bar is given by 

w 
n 

(in cps) n 1, 3, 5 (2) 

where E, p, and t are modulus of elasticity, density and bar length, 
respectively. The equation gives a very good prediction of the fundamen
tal frequency of axisymmetric vibration of a cylindrical shell. 

The lumped mass model can only represent the vibration of a cylindri
cal shell in the longitudinal (axial) displacement component. The natural 
frequencies computed from the lumped mass model are normalized by those from 
eq. (2) and plotted in Fig. 6. Again the lumped mass model gives an upper 
bound to the exact value. 

Within a 10% error the proper model should have twice as many mass 
points as the mode number of interest. However, for earthquake engineer
ing purposes the fundamental node is sufficient since the higher nodes of 
containment structures are larger than 30 cps. Results from this study 
indicate that the fundamental frequency obtained even from a two mass 
model is very close to that obtained from the 48 element finite element 
model. 
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DYNAMICS OF HEMISPHERICAL SHELLS 

In the finite element method, the spherical shell is treated as a 
series of conical frustrums. In the lumped mass modeling of spherical 
shell, the beam element between two adjacent nodes are assumed to be 
uniform. The average values of moment of inertias and the cross-sectional 
areas at the nodal points are used to calculate the mass and stiffness 
matrices. 

In the present study, a hemispherical shell is divided into segments 
of equal meridional angles. There is one exception, however. For the 
lO-element model, the meridional angle of the first two elements is 
5 degrees, and those of remaining elements are 10 degrees. 

Horizontal excitation 

Fig. 7 shows the natural frequencies of a hemispherical shell ~om
puted from the lumped mass model and the finite element method. Unlike 
the case of a cylindrical shell, the frequencies do not monotonically 
approach the convergent value as the number of elements used is increased. 
Nevertheless, the frequencies computed from 18 elements are assumed to be 
convergent. It is shown that at least 6 elements are required for an 
acceptable model. 

The frequencies obtained from lumped mass solution are much higher 
than those of corresponding modes computed from finite element solution; 
the lumped mass modeling of hemispherical shells as described above is 
not adequate. Since by itself the modeling of the hemispherical shells 
is not of practical importance, other methods were not explored. The more 
important problem is the modeling of the complete containment structure. 

Vertical excitation 

When a hemispherical shell is subjected to a vertical excitation at 
the base, an axisymmetric vibration will be excited. The natural 
frequencies of axisymmetric modes computed from the finite element method 
are plotted in Fig. 8 for two different edge conditions. 

Similar comments as for the horizontal excitation also apply for the 
lumped mass model. 

DYNAMICS OF CYLINDRICAL SHELLS WITH HEMISPHERICAL DOMES 

The modeling techniques discussed previously for the cylindrical and 
hemispherical shells are utilized to predict the response of containment 
structures assumed to be fixed at their base. 
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Horizontal excitation 

When a cylindrical shell with a hemispherical cap is subjected to a 
horizontal excitation at its base, the beam-type mode Cn ~ 1) is the pre
dominant mode [6]. Thus, only the beam-type mode will be examined in the 
present study. 

Natural frequencies of a cylindrical shell with a hemispherical cap 
at one end and clamped at other end are tabulated in Table 1. The above 
studies indicate that the model with 48 elements produces convergent value 
for a cylindrical shell and the model with 18 elements for a hemispherical 
shell. Thus, the frequencies calculated from the model with 48 elements 
in the cylinder and 18 elements in the dome are assumed to be convergent. 
These values are used to study the percentage of error of the frequencies 
computed from various models shown in parentheses in Table 1. The combi
nation of 8 elements in the cylindrical shell and 3 elements in the cap 
produces relatively good results. The combination of 12 elements in the 
cylinder and 6 elements in the cap produces very good results with the 
error being less than 1%. 

The frequencies computed from the lumped mass model are tabulated in 
Table 2. The results show that for the first and third modes the fre
quency calculation is insensitive to the number of nodes used; and an 
average error of 10% is indicated for the first mode and 15% for the third 
mode. Some effects of increasing the number of nodes in the second mode 
is indicated. 

The frequencies were computed by treating the cylindrical shell with 
a hemispherical cap as a fixed-free Timoshenko beam of a length measured 
up to the top of the dome. The results are listed in the last column of 
Table 1. For this case the total volume of the dome remains unchanged. 
The results show that this type of modeling gives satisfactory results, 
and could therefore extremely simplify the calculation of frequencies 
using published curves as shown in Fig. 2. 

Vertical excitation 

Based on the finite element solution. the natural frequencies of ax i
symmetric vibration of a cylindrical shell with a hemispherical dome are 
tabulated in Table 3. Assuming that the frequencies computed from the 
model with 48 elements in the cylinder and 18 elements in the cap are con
vergent, the results indicate that at least 6 elements are required in the 
dome, The model with 8 elements in the cylinder and 6 elements in the 
dome produces satisfactory results for even the higher modes. 

The natural frequencies computed from the lumped mass model are tabu
lated in Table 2. It is shown that only the fundamental frequency can be 
adequately predicted by the lumped mass method as in the case ofaxisym
metric vibration of a cylindrical shell. 

The cylindrical shell with a hemispherical cap may be approximately 
modeled 1) as a bar of length measured up the spring line with a concen
trated mass at the end, or 2) as a uniform bar of length measured up to the 
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top of the dome. The results tabulated in Table 3 (last two columns) 
indicate that both models give a very good prediction for the fundamental 
frequency, thus reducing the calculations to the solution of Eq. 2. 

Conclusions 

A typical containment structure was investigated using a finite ele
ment and lumped mass models. The results indicate that for practical 
applications either method gives adequate results provided that sufficient 
discretization is considered. Guidelines are provided in the text. In 
fact an extremely simplified model is suggested that would replace the 
containment structure with a uniform Timoshenko beam of height equal to the 
apex of the dome. 
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Seismic risk analysis of possible nuclear power pla''lt sites 
may in Some cases be the deciding factor in the site selection 
process. This article includes the results of a case study for 
two such sites in Northwestern Turkey, as well as a proposition 
for a more efficient risk analysis format. 

In the case study, site A was found to have higher bedrock 
peak acceleration risks than site B, but on the other hand, site 
B had local soil conditions which amplified oncoming Wave acce~ 
ration by about 2.5 on the average. For site A there was no ampli
fication. Amplification study was carried out using a power spectrum 
simulation which assumes a band limited white noise spectral density 
function for the bedrock acceleration. This average amplification 
of 2.5 was incorporated in seismic risk curves. 

Noting the deficiencies of some current methods of seismic 
risk analysis, a new format is proposed for this purpose. The 
proposal suggests the~Q of root mean sQuare value of velocity 
instead of peak acceleration and includes effects of a~gle of 
incidence.o I pwave velocity power spectrum amd vertical motion. 
It is also pointed out that the method enable the riSk analyst 
and structural design engineer to Work ln 8loser and more 
efficient cooperation. 

INTRODUCTION 

The problem of seismic risk very often turns out to be the 
most crusial factor in the site selection process of nuclear power 
plLnts. On the other hand the data necessary to solve this 
delicate problem is usually inadequate. Only in the combina-
tion ofsei smicallY active and technologically developed regions 
of the world there may be sufficient amount of data to be satis
factorily incorporated in seismic risk calculations. This data 
should include; (a) historical records of very large earthQuakes, 
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(b) seismograph records of all signif'icant earth'wakes 
(say M ~ 4.0) of this century with their corresponding coordi~ 
nates and focal depths, (c) strong motion records of recent 
earthQuakes. Information from (a) and (b) will enable the 
engineering seismologist to determine the necessary fre~uency
magnitude relationship. Strong motion records, on the other 
hand, will be~remely useful when constructing a realistic 
attenuation relationship f'or the region. They will also serve 
as a valuable starting point for both time history and spectral 
simulation of future earth~uake motion. 

Facing a shortage of important data and a critical decision 
to make, there must be a tendency for extra caution, which on 
the other hand may yield to over conservatism. For the problem 
of nuclear power plants. over conservatism may result in either.; 
(a) an order of magnitu~e of increase in cost, or (b) aba1doning 
of the site. Either of the alternatives (a) or (b) is unattractive 
yet sometimes unavoidable, when it is impossible to show clearly 
that probability of "danger" is "acceptable". In other words, 
every location is dangerous until it is proven otherwise. Then. 
the task of the engineering seismologist is to be able to prove 
this provided, of course, that the state of nature in fact is 
suitable. Thls is only possible when the data and knowledge at 
hand are used efficiently. 

In the following, a brief summary of a case study will be 
presented for the purpose of pointing out some difficulties. 
Then, a proposition will be put forth which can circumvent some 
of the stated difficulties. 

CASE STUDY 

Nuclear Energy Division of the Turkish Electricity Authority 
had selected two sites (A and B) in the seismologically very 
active region of' Northwestern Turkey. f'or the purposes of' loca
ting a nuclear power plant. The selection had been made because 
of other merits of' these two sites and the decision process 
had b·een an arduous one. The study was to be a c omparati ve 
one (between A and B) and it was to inc lude .3eismic risk conside
rations as well as any amplification to be expected from local 
soil conditions. A detailed account of this study has already 
been pUblished and can be f'ound elsewhsre(l). 

First of all. quadratic frequency-magnitude relationships 
for the two sites were determined by USing recent catalogues 
(2,3,4). Earthquakes that occurred after 1900 and with M~ 4.) 
were used in the analysis. These relationships are given in 
EQuations I and 2 ·for sites A and B respectively. 

/0.9 f")fll = I. liB - 0"1068 (fl7-4-.3) - o. O/~2/ (m . ';.3)2 



Here n denotes the number of earthquakes with magnitudes m greater than or equal to m. That the region considered for 
site B contains more epicenters is due to the fact that a 
radius of 200 km. was taken for site B Whereas a radius of 
120 km. was used for site A. This was because increasing of 
the radius for site A would have included epicenters from a 
differBnt tectonic formation; hence statistical homogeneity 
of the data would have been tampered with. 

Secondly, a hypothesis was put forth about statistical 
independence of the magnitudes of successive earthquakes. This 
hypoth~sis was tested by using a chi-~quare control chart and 
it was found that it cannot be rejected even at very small 
levels of significance (even for 0(=0.0001).' This may be 
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seen in Table 1. The fact that there is statistical independence 
between successive earthquakes justifies the use of the Poisson 
process as a legitimate model in seismic risk analysis. It 
turns out that this may not always be true. Ferraes (5), for 
example, showed that the assumption of statistical independence 
is not justified for Mexico City earthquakes. 

Seismic risk curves for the two sites were drawn by using 
Esteva's (6) attenuation relationship and Mertz and Cornell's 
(7) method. These curves may be seen in Figures 1 and 2 for 
sites A and B respectively. Risk values are very high for 
both sites and site A has a seismic risk of about a'1 order 
of magnitude greater than that of site B. 

It was found, however, that local soil conditions of site 
B amplified the root mean square (rms) of the bedrock accelera
tion by about 2.5 times, wheares Y10 amplification occurrGd for 
site A. Simulated acceleration spectral density functioDs are 
drawn in Figure 3 for these two sites using a method developed 
elsewhere (8,9). The method, briefly, assumes a shape for the 
spectral density function of the bedrock motion and using the 
transfer matrix method and a two dimesional layered model for 
the soil medium obtains the P and SH wave spectral density 
function on the ground surface. Figure 4 shows adjusted seismic 
risk curves for site B in which the factor of 2.5 has bee~ 
incorporated. 

PROPOSED SEISMIC RISK ANALYSIS 

The basic problem with a seismic riSk analysis as outlined 
above seems to be the use of "maximum acceleration" at a site 
as the decision criterion. The use of maximum values in estab
lishing attenuation relationships and incorporating these values 
into seismic risk evaluation gives rise to "rigid" decision 
making and diminishes the attractiveness of probabilistic assessment. 
Furthermore, considering all the aspects of the problem of seismic 
risk and vibrational characteristics of nuclear power plants, only 
maximum ground acceleration and the probability ofaxceedance of 
that acceleration in so many years is insufficient information for 
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the design engineer. Solving the design problem as uncoupled 
from the seismic ris~ problem may be possible but certainly 
not feasible as it will lead to many repeti~ons concerning location 
and activities of possible epicenters, attenuation relationships, 
etc., necessary for either theoretical or computer (digital or 
analog) simulation of the probable future earthquake motion. 

To be able to combine the problem of the engineering 
seismologist with that of the design engineer of the nuclear 
power plant, one shoUld also remember that the frequen~y content 
of ground motion is generally as important as the maximum value. 
nhis is due to the fact that the power plant c ontain:; an assort
ment of structural elements and mechanical equipment which possess 
natural frequencies ranging from very low to very high values. 

In the light of the above discussion, the following points 
will be suggested: 

1 . Statistical independence of magnitude of successive earthC1_uake s 
must be established before using a Poisson model for seismic risk 
analysis (see Table 1). 

2. Acceleration should not be the only criterion in seismic risk 
analysis as it usually is not correlated very well with response 
quantities and potential damage. Kobayashi's work (10) can be 
cited in support of this and the correlation coefficients relating 
ground acceleration, velocity and displacement to response Quanti~ 
ties can be seen plotted against natural period in Figure 5. If 
one of ~hese quantities (ground acceleration, ground velocity 
ground displacement) had to be chosen, it should be ground velbcity 
because; (a) it is correlated best with response quantities within 
the widest range of natural p,~riods, (b ) it can more easily be 
converted to either acceleration or displacement. 

3. Use of maxima (either acceleration or velocity) should be 
avoided.rms values can be used in attenuation relationships. 
These values can be used in the barrier crossing problem, i.e. 

and the expected frequency of crossing any arbitraty level "a" 
can be determined i.q.stead of one maximum. "a" can be choseYl ap
propriately for the problem at hand. In Equation 3 i 

v;: expected frequency of upcrossings of the level "a" 
~: : expected frequencY20f upcrossings of zero level 
er2.: variance ((j".(rms) if the process has zero mean) . 

4. Using epicentral location and focal depths of past earth
quakes, angles of incidence

j 
e, should be determined. Even a 

simple histogram may be useful. The effect of this a'lgle of 
incidence should be investigated, as it may be a"'l important factor 
in power spectrum simUlation (8,9). Figures 6 and 7 illustrate 
this dependence for "firm" soil conditions. 



5· Influence of P waves should also be investigated as they 
may contribute to highe:e frequencies appreciably especiall;y for 
"firm" soil conditions, (8,9). Figure 8 showrt the comparison 
of P and SH wave power spectra for "firm" type soil. For "soft" 
soil conditions (alluvial) it was established that P wave is 
more critical than SH wave in the region T > d/6,16 where d is the 
total depth of lay-ers dow'1 to bedroc k (3,9). 
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so11 medium, the gle of emergence of the motion may be deter,:,. 
6. Tracing a ty~. cal onc..am.ing tII'ave through the multilayered 

mined. Then, takin into account the contribution of P a'1d S 
waves amount of ver 'cal motion may be estimated. This is 
especially important for mechanical equipment a'1d piping design. 
It was shown elsewhere that vertical motion coupled with hori~ 
zontal motion may increase the probability of failure of some 
structural element by as much as 5000 (11). 
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Table l. Control Chart for Statistical Independence of 
Magnitudes of Successive Earthquakes 

l 1 

i 4·5 5·0 5·5 6.0 6.,2 7·0 7.,2 
16 13 6 2 J 1 1 42 

4.5 (16.49) (12.95) (7.46) (1.96) (1.57) (1.18) (0·39) 

13 10 7 2 0 1 0 33 
5·0 (12·95) (10.17) (5.86) (1·54 ) (1. 2J) (0.9J) (O.Jl) 

8 7 J 0 0 1 0 19 
5.5 (7.46) (5.86) (J .J7) (0.89) (0.71) (0·53) (0.18) 

2 1 1 1 0 0 0 5 
6.0 Cl.96) (1.54) (0.89) (0.2J) (0.19) (0.14) (0.05) 

2 1 1 0 0 0 0 4 
6.5 (1.57) (1. 23) (0.71) (0.19) (0.15) (0.11) (0.04) 

2 0 1 0 0 0 0 3 
7.0 (1.18 (0.93) (0.53) (0.14) (0.11) (0.08) (0.03) 

0 0 0 0 1 0 0 1 
7.5 (0·39) (O.Jl) (0.18) (0.05) (0.04) (0.03) (0.01) 

L!J-2 JJ 19 5 4 J 1 

observed 

(expected) Impossible to reject independe~ce 

L (0,: - eiJl -= 21, I;; hypothesis up till /-1(=0.999 i- e, 
L 

~he author wishes to acknowledge contributions of Professors 
Polat Glilkan and getin Soydemir, principal co-authors of 

Reference 1, from which this article's case study was 
outlined. 
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I .. SUMMARY 
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Some results of the approximate analysis of safety of 
the earthquake protective systems with reserve disengaging 
elements are presented.. Systems with one and several reser
ve elements are considered. The overshoot random vibration 
theory is used for analysis. A wide-band random vibration 
approximation - a white noise prosses-is assumed as a mathe
matical model of earthquake ground motion. A numerical exam
ple is given. It is shown that the failure probability of 
reserve elements structures is considerably lower, and the 
safety is much higher comparing with such characteristics 
of structures without reserve elements. 

II. INTRODUCTION 
During the recent earthquakes buildings with a r;soft" 

lower storey displayed a poor behaviour. A variety of exa
mples on collapSing columns of the lower storey during the 
earthquakes in Ashkhabad (1948), Agadir (1960), Skopje (1963) 
is given in the book by S. V .Polyakov /'17/. The failure of 
the columns of the lower staircase floor in Olive View 
Hospital as a result of the San Fernando earthquake 
(19'71) is describea. by .oertero and Collins /1/. While the 
upper floors in these buildings had little damage as compa
red to other buildings, the failure of the lower floor co
lumns was so significant that it threatened with the colla
pse of the entire building. These facts yielded scepticism 
on the part of many specialists as to the use of buildings 
with a "softtl lower storey which in former times were vie
wed as a method of seismic isolation. Bertero and Collins 
/1/ even suggest that the use of such structures, unless 
substantiated by the non-elastic a.tate d;{namic design, be 
prohibited in the code. 

It can be supposed that the observed failure of the 
flexible floor columns was caused by different effects. 
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We shall mention three of them which seem to be most signifi
cant. 

Effect A. Sometimes the so called "soft" stories were, 
in fact, rather "weak", than "softl! not strong enough. 'For 
example, according to the design depicted by Bertero and Col
lins in their report /1/ the fundamental vibration period of 
the staircase's amounts 0,25 sec. and 0,5 sec. But these pe
riods exactly correspond to the maximum accelerations at the 
earthquakes in California, in San Fernando (G. Housner and 
others /12/), in particular. 

Effect B. In some regions earthquakes are caused by the 
activity originating in different sources which are on diffe
rent distances of the site. The predominant periods of earth
quake motion are known to be dependent on the distance from 
the epic entre and on the magnitude of the earthquake (Sheba
lin /21/, Triffunac and Udwadia /22/, and others). If the 
epicentre is situated close to the site, the accelerations 
predominant in the earthquake spectrum, correspond to higher 
frequences. In the case of such earthquakes buildings with 
"softl! lower storey - if it really is flexible - can displB.Jl" 
a good behaviour. It is but natural that being flexible, the 
lower storey columns should not be too weak. 

But at the same site earthquakes from far away epicentres 
can occur, and those of great magnitudes. In this case the 
maximum accelerations can correspond to lower frequences part 
of spectrum. The quantity of the earthquake response of fle
xible structures can be quite great, greater than that of ri
gid structures. This can cause the failure of the lower sto
rey columns. 

Effect C. In the usual frame buildings there are diffe
rent "non-bearing" constructive members (partitions, the fil
ling of the frame, staircase walls). Being not in most cases 
designed for earthquake loads they, nevertheless, often help 
the buildings to resist the earthquake.S.V.Polyakov /17/, re
fers to the cases when the presence of the filling or of the 
partitions in the parts of the lower storey protected the ad
jacent columns against damages. When there are the so-called 
ttnon-bearing'1 elements, a kind of two earthquake guardudefen
ce lines" are formed. The importance of the secondtldefence 
line ll

, as a means of the earthquake 'protection has lately be
en paid much attention on the part of many specialists. This 
consideration was emphasized, for instance, by Prof. G.Berg 
(the University of Michigan, USA) in his report at the UNESCO 
EE Seminar in Bulgaria (Varna, 1975). 

The !tsoft" lower storey is often intentionally designed 
to be free of partitions, filling in, etc. Consequently it 
has only one "defence line". 
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It seems that in each particular case the poor behaviour 
of the flexible lower floors was caused either by one of the 
effects (those mentioned above or some other), or by a certa
in combination of them. The effects B and C can take place 
not only in buildings with flexible lower floors, but also in 
other buildings, mentioned below. In the last years a resear
ch programme was carried out at the CNIISK, on the basis of 
which effective adaptive systems with disengaging reserve ele
ments for earthquake protection were proposed /3-8/. The ap
plication of these systems either eliminates or essentially 
smoothes out the unfavourable influence the aforementioned 
factors of the type of the effects B and C can have on the 
earthquake resistance of buildings. The reserve elements are 
designed as additional elements of the structure, e.g. which 
are supposed to be able to disengage, partly or completely, 
from the performance of the load carrying system of the cons
truction during earthquake. After the reserve elements are 
disengaged the construction, possessing now different dynamic 
characteristics as compared to those original, can accept in
dependently the total permanent vertical load and a certain 
part of the earthquake load. These reserve elements can be 
placed, for example, on special panels between the lower sto
rey columns, being attached either to the girders of the fra
me or to the foundation beams, etc (Fig. 1a)e The reserve e
lements however, should not necessarily be employed in buil
dings with !tsoftlt lower storey. These elements can be repre
sented, for instance, by crowning rigid beams or shear wallS 
in buildings with vertical shear walls (Fig. 1b) and by ot
her structures 15, 7/. The disengaging reserve elements are 
quite simple and not expensive. They do not require the use 
of any devices, special or unusual for building construction. 
They are easily restored in case of dis&n-
gagement during an earthquake. Buildings ~ 
provided with the earhQuake protective sy- ~ 
stems with reserve elements either have g 
already been built in some seismically da- g 
ngerous regions of the USSR 17/ or are un- ~ 

I CJ 

der design - for others. Similar, in esse- ~ 
nce, structures of systems with special g 
reserve elements or with changing dynamic 
properties were proposed in the recent ye
ars in other countries, too /11, 13, 15/. 
The earthquake behaviour of buildings with 
reserve elements bears a relation to the 
aforementioned effects B and C. The adap
tive properties of a trasforming earthqua
ke protective system with reserve elements 
(RES) under the conditions of possible ear
thquakes of different types and with diffe
rent spectra (e.g. in terms of the"effect 
B") are analyzed, for exaID.ple, in /4/ .. The 
problems were also studied /5,8/ concerni
ng the case when the changing of the dyna
mic parameters is caused by the accumula-

Ie 

lC 

Fig~ 1a 

Fig. 1b 

= = = = = = = = = = = = = = = = = 

LC 

LC 
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tion of cracks and other local damages, but not by the disen
gagement of special reserve elements. In connection with this 
various models of systems with degrading stiffness, (ideal e
lastic plastic, R~Clough and Johnston /2/, exponential /5,8/) 
were considered. 

The positive role of the transformation of the dynamic 
parameters consists in the elimination or smoothing out of 
the unfavourable influence of the "effect Bft

• It takes place 
Owing to the system's adaptation (self-adjustment) to one or 
another possible spectrum of the earthquake action. This po
sitive feature of systems with reserve elements displays it 
self primarily when the earthquake ground motion is predic
ted as a class of narrow-band processes. 

The other property of RES is related just to reservati
on, to additional "defence lines" creation, it is related to 
the mentioned "effect C". In the present paper namely this 
aspect is analysed. 

As it is mentioned in a nU'mber of publications /16, 20/ 
at some sites earthquake motions possessing a relatively wi
de-band spectrum can happen parallel with narrow-band onets~ 
In the present paper an ultimate case of a wide-band process 
is employed for an approximated analysis, e.g. the model of 
the earthquake motion is represented by a random process of 
a white nOise type. 

III. SAFETY OF A SYSTEM WITH ONE 
RESERVE ELEMENT 

Let us consider a simple mathematical model of a struc
ture with one reserve element (Figo 2). It is assumed that 
after the first exceeding of the level J:L, of horizontal 
displacements the reserve element disengages and the sistem 9 

s dynamic structure immediately transforms. The system at 
the initial state (IC) and at the limit state (LC), e.g. be
fore and after the reserve element is disengaged, is assu
med linear and elastic. 

For a complete failure of the system the probability 
of exceeding a certain level :en. of the limit system's ho
rizontal displacements is taken. 

The probability 
of the system's comple
te failure for the de
Sign service period of 
the construction can be 
determined according to 
the total probability 
formula /6/. Ie 

... ./ .. ,,\,~) 
I 
I 
I 
I 
I 

LC 

Fig. 2 
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m 

p=~p(~).~ (1) 

where P(¢J - probability of the events of the j-variety of 
the earthQuaKe actions out m possible (predicted) in the 
time Tp ; 

Pj=P((x~I:C1'>I)J<!Jj} - conventional probability of the comple-
te faiture of the structure under the action of cp~ • 

Taking into consideration the fact that the complete fa
ilure can occur when the limit level I JCnl is exceeded that 
is only after the reserve element is disengaged, ~ can be 
expressed as a product 

~ = P'Lj • Pnj (2) 

where P7,j = P { (X> \ x 'L \) / 'l'j} - probability of the system t s 
transitioq from Ie to Le; 

Pn j=p'\.(x>\X11.I)/'l>j} - conventional probability of the 
system's failure at LC (provided the event of the transition 
from Ie to LC has happened). 

The quantity G = 1- P will oe the system' s safety 
characteristic (guarantee against failure). 

The probability of level - exceeding can be determined 
on the basis of the random processes overshoot theoryc 

If high response levels are considered with the probabi
lities of the level exceeding being small, the response am
plitudes may be assumed non-correlated. The probability of 
exceeding the level of the earthquake response can therefore 
be considered governed by Poisson's law. 

Based on Poissonts distribution and the given expressi
on (2), the formula for the conventional probability of the 
system's complete failure can be written as the probability 
of at least one level / X'tl, / passage 

where 11.. x 't.,j 
sages for the 
the action of 

'YL.xn. and 
tocorrelation 
be written as 

P
j 

= (1-e-'I'\.X'7.'~)- (1- e -ttxn,j) (3) 

and 1'1::x:'vj - the average number of level pas-
levels X'T. and X1'\. respectively, under 

<Pj • Further on the index j at nx't. t 

A k will be omitted for shortening. The au
function of the earthCiuake response xCt) can 

KxC-r) = d~e-o{l't'l(cos w,;+~ sLnwl't"l) (4) 

In this case 
(5) 
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where tef - the effective time of the process ct>j ; 
6'lx - variance XCL); rJ.. and w are de-

fined respectively by damping and the natural frequency of 
the system. 

For usual structures 
mula (4) 

d..« w this simplifying the for-

(5) 

where T - the period of the 2system's natural vibration. 
Il'he values for the variance 6 x can be obtained on the ba
sis of solving the problem of the dynamic response at IC 
(for rt.x"t.) and LC (for 11.. x. ) when under the earthquake 
motion ot· q> Cte5) and CPCtef -t~) respectively, with cue re
gard for transition processes. 

A peculiarity of the system with reserve elements con
sists in the fact that the probability of failure P de
pends on the time of transition t'L of IC to LC ( 0 b t1.~ 

~ tef ). 

The increase of t~ brings about the decrease of the 
probability of failure at LC, since the effective timete,-t't.

of the performance ?f LC d~creases. The function ~(t~= 
Po (t"l..)·P11.(t ef -t't) has ~ts m.ax~mmn between 0 and tef. 

This maximmn is taken as the upper estimate of the probabili
ty ~ of the failure of the system with reserve elements 

~o= X't./6 x'Y.,.and !;'I'I..- X'f\../6x "(I.sxe taken to be non-dimen-
tional variables which character~se the ratio connecting the 
level of response which corresponds respectively, to the sys
tem's transformation and complete failure - and the standard 
deviation of IC and LC response. By substituting various va
lues for l;. 0 and s'n,. in (5 ) and the values obtained 
for n.~'L and 1't.xn. in (3), appropriate conventional proba-
bilities of failures P't.j and P11.~ can be found, and the 
total probabilities of failure obtained from (1). Assuming 

~o and ~'\'L. to be governing parameters of the system, 
the problem of optimizing the system's parameters can be 
considered. 

IV. SAFETY OF AN EARTHQUAKE PROTECTION 
SYSTEM WITH 11.. RESERVE ELEMENTS 

("DEATH PROCESS It
) 

Let us suppose that the reserve elements are disenga
ging one by one in a consecutive order. This assumption is 
permissible on the condition that 1t ~ 1. /Po ~ where 11. -
the number of reserve elements, Po - the probability 
of at least one level / X'[. I passage. 

The initial condition of the system is designated here 
by H 0 • With the output process crossing the level / Xrr,/ 
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one out 11 -reserve elements disengages, the system trans
forming into the condition Hi. 

In other words the system can enter the finite number of 
conditions which corresponds to the member of the disengaging 
reserve elements. Hi' H 2.?"', Hn.. are the symbols for these 
conditions. The condition ~~ corresponds to LO, it can be 
called tI abs orbing" • 

Suppose the given sequence of the system's transition to 
different states can be described as ordinary and free of con
sequencies, e.g. it represents Poisson's process. 

Then the change of the system's states can be depicted 
as Markov random ~r~cess with finite set of conditions. 

To analyse the safety of the systems a mathematical mo
del should be/used known as a simple "death process" /4/. 
Fig. 3 gives a graph of the system's possible conditions. The 
probabilities Po(t), P-!.Ct), ... , P".(t) are used to charac
terize the system's position at the moment t at the sta-
tes Ho , II i II II , respectivelY6 n ,H2,)'" ,H1'1, 

The intensities of the transition AO,A1" "-2., ... , An.. at 
wide band effects of a white noise type are constants. In this 
case the analysis of the system's safety comes to solving di
fferential equations with constant coefficients for the given 
initial parameters. 

According to Fig. 3 the following set of dif
ferential equations can be written 

p~ ct) = Ak-1. PI<-i (t) - Ak Pr:. (t) (6) 

where 0 ~ K ~ 11... , A-i = A.'Y\; = 0 

The system (6) is solved for the following 
initial conditions 

Po ( 0) == 1, Pk ( 0) = 0 . 1. ~ k ~ 11-

A. 

With the intermediate calculations omitted the 50- l. 
lution can be expressed as II'~ 

R (S) I\.i i\. 2. .... Ak-i. Ak . (7) 
k (8 +Ao)(S+Ai) .. ·(5+A.k-i)(Z-t-A.\<) J.1\.2 

where PI<. (%) - representation of the functionP,,(t) 
transform. Applying Laplacian inverse transform 
theorem to the formula (7) gives the probabilities .A.IH 

Po (t)l Pi(t).t P~(t), ... , Pn-i(t). The probability of the 
transit~on or the system with reserve elements to 
LC can be written as 

'\'t-l.. 
Fig. 3 

Pn (t) = i- I. PK(t.) 
k=C 

(8) 

or 
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(9) 
ild1-o. CAe --::\.J 

The illtensities of the transitions "'\ e;lot.~ '\ ~ /\..{) , /\'1., 1\.2.~ ••• , /\'V\.-i. 
can be obtained by the formula 

A..k = .£.. e -X2.'7.,k/26~'L)( 
Tk ' 

(10) 

If the level xl., is assumed a random variable having a nor
mal distribution, the following expression can be given 

'\ 2.6x [-? 
/l k = ",k. eXPl X,<./( J 

TI< V 6X't,k 1-3~'L 2.(6~'I.,k-6;) 
(11) 

where Tk = ~ - the period of the natural vibrati-
on of the system a~kthe k -th conditions; 

6~'t \c - the variance of the output process 
of the at the K -;;h conditions, transition.al processes ta
king into account; 

X't - the mean v.alue of the random vari-

6~"t-- the variance of the variable X'l.. • 
able x~ ; 

By usipg the values P'tl' calculated by the formula 
(9), and P"t'\.j ,obtained as the probability of at least one 
crossing of the level / X~ / under the action. of ~j(tef-t~) 
the conventional complete failure probability for the system 
with ~ reserve elements is determined. 

V. :NUMERICAL EXAMPLE 
Let us study numerically the probability of failure and 

safety of a given structure. A simplest mathematical model 
with a single reserve element will be considered. 

The earthquake ground motion is represented by a model 
in the form of a section of stationary Gaussian white noise. 
The effective duration of the process is taken to be tef = 
= 10 sec. The period of the natural vibration of the struc
ture at the limit condition, e.g. after the disengagement of 
RE, amounts Tn = 2.0 sec. The period of the vibration at 
the IC To = 0.4 sec. At first the probability of failure 

p~ of systems with reserve elements (RES) under a given 
act10n of the given type will be found. For comparison let 
us find the probability of failure Pn.'t. of a system witho-
ut reserve elements, possessing the same dynamic parameters 
as those of RES. 

In this example the symbols are used as :follows. ~ and 
~~ - the system's relative response to earthquakes a~ the 

IC and LC, respectively, e.g., in fact, the steady response 
of the systems with the periods To and Tn., however, 
allowing for the time t'l.. when BE is disengaged; 
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5~~_ the relative response of the system without rese
rve elements allowing for the total time of the earthquake 
movement, in this particular case tef = 10 sec; 

P-tl."t. - the probability of failure of the system without 
reserve elements for the time t~f = 10 seCe 
~ and p~ - respectively, the probab1lities of the system's 

transition from Ie to LC and the probability of the limit 
system's failure provided the transformation has happened. 

P'L:=' po· P1'1.. - the probability of failure of ID~S, Po , is dete-
rmined for the time interval t't., t and P1'l- - for the in-
terval tej--t'L • Assuming t'l.. can have any value within 
the interval 0 ~ t'1.~ teS the values Po P1'l. and P'L will be ca
lculated for different values of ttt..' within the given in
terval. The probability Po naturally increases with the 
increase of t'1. while the probability P'\1... being dependent 
on the conventional probability of exceeding IX~\ in the in
terval tef -tit. , decreases with the increase .of tl"J.." Hence 
the probability of failure P'1. of 
the entire system has its maximum 
in the interval tef = 
= 10 sec. It is shown in the graphs 10-

1 

(Fig. 4). The reserve element can 
be disengaged at any moment of the 
time interval 0 £: t'L.~ 10 sec. 
Strictly speaking, it is possible 
to obtain the probabilistic distri
bution of the time moment t = t'L-
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Fig. 4 
timates. (It can be asserted a prio
ry that the most probable time will 
be close to tej ,since we deal with small probabilities 

Po ). But we shall act differently. To determine the pro-
bability of failure we shall take into account the value of 

t'L to which the maximum. of P'L corresponds, that is 
for comparative estimates it is assumed that P'L = max PC"W. 
Since not all the aspects of the llliSfs behaviour are studied 
sufficiently, the aforementioned is the way of allowing for 
the lack of information by overestimating the corresponding 
effects cornformably to this particular case, by applying the 
conservative estimates of failure and the underestimates of 
safety as compared to the systems without reserve elements. 

Thus by comparing RES to the structures without reser
ve elements we obtain estimates, least favourably characte
rizing the safety of RES as compared to the non-reserved 
systems. 

The results of the failure probability analysis are gi
ven in Table 1a,b,c. The formulae (2) - (5) were used for 
calculations. 

Tables 1a and IIa contain the values of 
at six different ~ 0 and S-n. -values. 
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Table 1a 
Maximum values of conventional 

failure probability for systems wi~h one 
reserve element: Prr... 10 

~1L 2,50 .3,00 3,25 .3,50 4-,00 4-,25 

2,50 136,9 37,4- 17,3 6,9 1,05 0,39 

.3,00 47,4 14-,0 5,9 2,4 0,36 0,13 

3,25 23,2 6,87 2,9 1,18 0,176 0,065 

3,50 10,56 },1 1,32 0,54- 0,08 0,024-

4,00 1,5 0,39 0,18 O,D? 0,011 0,004 

4-,25 0,49 0,29 0,062 0,025 O,0Q4. 0,001 

Table 1b 
Maximum values of conventional 

failure probability for systems without 
reserve elements 

~.fV1 ... 2,50 3,00 ),25 3,50 4-,00 4,25 

R 
3 T1I.'l=O,4-sec 889,2 4-23,1 221,2 104,2 14,9 6,0 

~ilO ~-----------------------------------------------------
T1I.,\=2 , Os ec 356 , ° 104, 20 44 , 88 19 , 8 .3 , ° 1 ,1 

Table 10 
Correlation between the maximum 

values for the conventional probabilities 
of failure of systems without reserve ele
ments and those of systems with one reser-

ve element at So = §.'Yl.. 

2,50 3,00 ),25 ),50 4,00 

30,2 76 193 1360 

7,4 15,2 )6,7 272 

4,25 

6000 

1100 

Similar characteristics of the probability Pn~ of the 
non-reserved system's failures are given in Tables1b and 1c. 

Table 1c contains ratios Pn't./P"l. of the failure probabi
lities of the systems without reserve elements to the failu
re probability of the system with one reserve element con-
formably to the particular case of ~o::; ~-n... 
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The same relatiou-ship is described by the graphs (Fig. 
5). The solid lines refer to the system with To = 0~4 sec., 
the dotted lines corres-
ponding to the system wi-

T ~ th 10 = 1,0 sec. Pt 
10" 

As it can be seen 
from Table 1 and the gra- IG' 

ph (Fig. 5) the failure 
probability of the systems 
with reserve elements is 10

2 

considerably higher than 
that of the non-reserved 10

1 

systems.It needs to be 
mentioned that the hi-
gher is the level of the ~ 2,S 

design relative earthqua-
ke response ~ ,the 
higher is the ratio Pn'L / Prr. 
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and, consequently, the effectiveness of using the reserve 
elements. To put it in other words the use of the reserve 
elements is most effective in terms of creating highly safe 
structures. 

Now let U.s calculate the safety G = 1 - P of the 
struc~ure with a reserve element and assess approximately 
the design earthquake load relative values cOnformably to 
constructions with reserve elements and without themo The 
value of P oan be obtained by the formula (1). In this 
formula P is represented as the sum that corresponds to 
the family of actions which are predicted for the design te
rm of service Tp of the construction. If to consider that 
the successive earthquake intensities (as in seismic scale, 
for example, t~ or MSK) are two times different, it is pos
sible to take into account, for the approximate analysiS, 
only one term of the sum (1), which corresponds to the maxi
mum - in - intensity member ~j • The analysis testifies 
as to the error while determining the safety not exceeding 
5 - 7 % .. 

Suppose the design term of service of the structure 
is 50 years, the mean value of the time between two eartqua
kes of the design maximum intensity being 1000 yearso Then 
proceeding from the assumption that an earthquake represents 
Poisson's process, the probability can be obtained 

P(<f>j) = 0,05 and G- = 1 - 0,05 Pj , 
the values for Pj are taken from Table 1. 

Table IIa containsthe calculated values of the safety 
(guarantee against failure) of the RES. For the systems wit
hout reserve elem.ents the values for c;. at In'L= 0 94 sec .. 
and T1'I.'t.= 2 sec. are given in Table lIb. 
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Table IIa 
Values for the safety G'1, 

(guarantee against failure) of systems 
with one reserve element: 

~ 2,50 ),00 ),25 3,50 1+,00 4,25 

2,50 0,99315 0,99813 0,99914 0,99966 0,99995 0,99998 

3,00 0,997)6 0,99930 0,99971 0,99988 0,99998 0,99999 

),25 0,99884 0,99966 0,99986 0,99994 0,99999 0,99999 

),50 0,99947 0,99985 0,99993 0,99997 0,99999 0,99999 

4,00 0,99993 0,99998 0,99999 0,99999 0,99999 0,99999 

4,25 0,99998 0,99999 0,99999 0,99999 0,99999 0,99999 

Table lIb 
Values for the safety G1't,'L 

(guarantee against failure) of systems 
witbout reserve elements: 

2,50 3,00 3,25 4,00 4,25 

Tn~=0,4 sec 0,95554 0,97885 0,98894 0,99479 0,99926 0,99969 

Gt\.'f. 
Tn~=2sec 0,98210 0,99479 0,00776 0,99901 0,99985 0,99995 

Tbe comparison of Tables IIa and lIb shows that with 
the equal values of ~ "(. and S,'YL"L the safet;y of RES is 
conSiderably higber than that of the systems without reserva
tion. 

In certain publications /10/ the values for the safety 
of building, ship and some other constructions are given wit
hin the following limits G = 0,999 - 0,9999. Let us now 
compare the values of ~"L and 5"rl,'(, at the equal values of 
safety. 

Table IIc contain the values of '§'t, (at ~o = 50/1., ) and 
of l§.T\,'t, calculated at two values of G-: G = 0,999 and 

G = 0,99,99; Table IIc gives ~ 'T.- for RES with To = 
= 0,4 sec; T1'l, = 2,0 sec. 

Now let us estimate apprOximately the values of the de
sign seismic load for the constructions with one reserve ele
ment and without reserve elements. 



Table IIc 
Values of relative seismic 

response ~ for systems with one reserve 
element and without the reserve elements at 

a given safety ( ~'l...:;:: So == Stl,) 

G 0,999 0,9999 

s"t- 2,95, 3,40 

= 0,4 sec. 3,98 4,45 
-g-n "t 

2 sec .. 3,50 7,20 = 

X 
:;:: 0,4 sec. 0,74 0,76 

~-'rV"t = 2 sec. 0,83 0,81 
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The values of~describe the earthquake response design 
level (in the units of standard response deviation) at the 
given safety. These values are indirect characteristics of 
the required load-carrying capacity of the constructiono The 
ratio 5'Z./~'t.can therefore be viewed as the characteristic 
of the ratio of the design earthquake loads for RES and for 
systems without reserve elements. These ratios at the equal 
values of safety are given in the bottom lines of Table IIc. 
If, for instance, to compare two systems with a 2 second pe
riod of natural vibrations, one of which is with a reserve 
element while, the other is without it, - it will appear th
at the relative values of the earthquake load for the system 
with a reserve element are 0,83 of the load for the system 
without reserve elements when G = 0,999, being 0~81 of 
this load when G:;:: 0,9999. 

Thus, owing to the use of the systems of reserve ele
ments the design earthquake load can be reduced at least by 
20 - 30 % with no drop in safety_ 

In the second line from the bottom of Table IIc the va
lues of the ratios ~'7../ ~1I."!.are given for the case, when the 
natural vibration periods of the systems without reservati
on are T~:;:: 0,4 sec. As we can see j the relative design 
seismic loa a for RES is reduced in these cases still more 
by 36 %. 

At correct designing this reduction of design loads 
yields considerable reduction of the structure 9 s cost. 

In the examples given the case of RES with one reserve 
element was considered by way of simplificationq Based on 
the "death process fl

, the analysis of the systems with 
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reserve elements shows their effectiveness to be higher than 
that of RES with one reserve element. 

VI. CONCLUSIONS 
1.An approximate analysis of the probability of failure 

and of safety of simple structures with disengaging ele
ments is carried out. Systems with one and many reserve ele
ments are considered. The problem is solved on the basis of 
the overshoot theory (of the probability of at least one le
vel-crossing). In the case of systems with ~ reserve ele
ments the "death process lf is employed. A. numerical example of 
calculations is given, in which particular systems with a re
serve element and without reserve elements are compared. 

2.The analysis results as presented in the given paper 
and in some other publications mentioned in the references 
reveal the role of the reserve elements as the effective me
ans of structural earthquake protection. There are at least 
two positive effects in connection with the behaviour of sys
tems with reserve elements subjected to earthquakes. 

One of the effects is relevant to the situation when 
the structural design has to take into account several ty
pes of narrow-band soil movements, different in their domi
nant periodso The disengagement of the reserve elements in 
this case favours the adaptation of the structure to high 
frequency earthquake movements owing to the transformation 
of ~amic characteristics, e.g. rigidity and natural fre
quencies. 

The structural seismic response in this case can be 
several times lower than that in the case of the construc
tion with constant dynamic characteristics. 

The other effect concerns the reservation proper, that 
is the formation of so to say, additional "defence lines tl

• 

This effect works not only in the case of narrow-band pro
cesses, but also in the case of wide-band earthquake proce
sses when the frequencies of the system at IC and LC belong 
to the effective section of the earthquake movement spectrum, 
as was substantiated by the numerical example, the design 
seismic load acting on the systems with reserve elements can 
be by 20 - 30% lower than that in the case of the similar 
systems, but without the reserve elementso 

Therefore the transforming systems with reserve eleme
nts are effective at any kind of earthquake motion as well 
as when taking into account wind loads besi/des of earthqu
ake action. 

Qualitatively the efficiency characteristics of the 
transforming systems with reserve elements are different 
depending on the predicted types of actions. 
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Designing such systems permits to achieve one of the two 
aims, or a certain combination of the them: 

1) structural safety increase at a given 
cost of earthquake protection; 

2) cost reduction of earth~uake protection at the safety 
equal to the safety of usual systems. 

3. The Qumerical analysis has shown a particular effici
ency of the use of the reserve elements in terms of creating 
highly safe systems, the design of which allows for high in
tensity design actions, e.g. nuclear reactors and other spe
cifically important structures. 

4. Based on the research on the optimum design of the 
transforming earthquake protective systems with reserve ele
ments which is being carried on at the CNIISK, projects have 
been elaborated in the USSR and a number of structures with 
disengaging elements built. 

The systems of reserve disengaging elements may be dif
ferent in terms of their constructive embodiment. In the ca
se of buildings with frame "soft" lower storey or several 
storeys, the reserve elements can be attached to special pa
nels or other rigid supports which can at the same time, res
trict the horizontal displacements after the reserve elements 
are disengaged. 

The function of the reserve elements can be performed 
by reinforced beams, diaphragms and other elements which con
nect the vertical diaphragms and the vertical reinforced co
res in high buildings and constructive elements, such as par
titions, crosspieces, etc. 
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This paper presents the steps taken to establish a finite element 
model for the seismic dynamic analysis of a nuclear power plant facility 
embedded 72 ft (25 m.) in a sandstone site. A parametric study was under
taken to establish the extent of the rock to be included in the model, as 
well as the distribution and number of dynamic degrees of freedom. 

The responses of the structures in several models of different widths 
and depths of rock were compared, and it was found that only small differ
ences were exhibited when the lateral boundaries were taken 940, 1440 and 
1940 ft apart (290, 440 and 590 m, equivalent to about 3W, 4W. and 5~W, 
where W is the width of the base). When the depth was increased from 
370 ft to 570 ft (113 to 175 m), small reductions in the peak responses 
were obtainedo As a result of this study a model with lateral boundaries 
1440 ft (440 m) apart, and of a 570 ft (175 m) depth was adopted for the 
analysis. 

Rock models without structures were developed to establish the effect 
of the distribution of dynamic degrees of freedom, and it was found that 
in order to reproduce the criterion acceleration time history at grade, a 
uniform distribution of dynamic degrees of freedom had to be maintained 
throughout the rock, especially for vertical excitation. 

The resulting model, adopted for the analysis, retained 486 uniformly 
spaced dynamic degrees of freedom and 204 Eigenvectors in order to obtain 
responses up to the frequency range of 20 - 30 Hz. The responses 595 ft 
(180 m) from the centerline of the plant showed that the rock-structure 
interaction effects were still present. This parametric study suggests 
that the boundary does not necessarily have to be placed outside the in
teraction region) in order to obtain sufficiently accurate responses for 
the design of this particular plant. 

In all of the above analyses, the normal mode method was used, since 
it was established that for this particular rock site, the damping ratio 
and the shear modulus was almost constant in the strain range of interest. 

Preceding page blank 
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Introduction 

Finite element models have been used by several investigators for 
the seismic analysis of nuclear power plants deeply embedded in soil 
(Reference 1). One of the problems encountered has been the determina
tion of the size of the model to adequatly represent the practically 
semi-infinite soil. In order to perform the analysis economically, a 
sufficient amount of soil should be modeled to obtain reasonably accurate 
responses for the de$ign of the plant. If the boundaries are placed too 
close to the plant, the responses of the structures are adversly affected 
by the distortions of the ground motions, and by the lack of material to 
absorb energy by damping. An acceptable check on the adequacy of the size 
of the model is to compute whether the soil-structure interaction effects 
have disappeared near the boundary. Seed et al. (Ref. 1) found that for 
clay or sandy sites, where the material damping has been relatively high, 
free-field motions are developed within a distance of qOO-sOO ft (120 -
150m.) from the plant. However, for a site where the material damping is 
low, such as the present site, the interaction effects are felt a consid
erable distance away, suggesting that the model would be too large for 
current computer programs. 

In order to overcome this difficulty a parametriC study was under
taken to determine the variation in plant response with increasing size 
of model. 

Since the models inherently contain a large number of dynamic degrees 
of freedom (1 horizontal and 1 vertical at each grid-point) a condensation 
has to be performed in order to reduce the problem to a size that can be 
managed by the current computer programs. In the present investigation 
rock models without structures were developed in order to determine the 
effects of condensation. 

Description of the Plant 

The plant is situated in a region subjected to earthquakes of Inten
sity VII on the modified Mercali Intensity Scale of 1931. The maximum 
horizontal ground acceleration is established to be 32 percent of gravity 
by Seismological investigations. The rock, which exists from grade to a 
depth of about 5000 ft (1500m.) is a fresh-weathered sandstone with a 
shear-wave velocity in the range of 3000 to 4300 feet per second, (900 to 
1300m/s) and a material damping of 2 to 2.4 percent of critical as deter
mined by laboratory and in-situ testing. The plant studied and reported 
on herein is embedded 72 feet (25m.) in the rock; a common mat 340 feet 
(100m.) square in plan and 12 feet (3.7m.) thick supports the internal 
structure, the containment vessel, the Shield Building, and the Reactor 
Auxiliary/Fuel Handling Building (Figure 1). The buildings are arranged 
concentrically about the internal structure, with the Reactor Auxiliary 
Building on the outside. The ratio of the embedment to the least-base 
dimension is 21 percent, and to the height of the outer shear walls is 
41 percent. This design has been dictated by the unusually large sliding 
forces and overturning moment produced by the postulated safe Shut-down 
Earthquake. 



Finite Element Models 

The models developed for the parametric study are summarized in 
Table 1. A typical finite element model is shown in Figure 2. The 
buildings are modeled as beam elements, and the rock as two-dimensional 
plain-strain elements. Since the models are two-dimensional, three 
models are used to seismically analyze the structures: Two horizontal, 
following East/West and North/South directions, and one vertical model. 
In this particular study~ there were two nuclear power plants, side by 
side, in the East/West direction, therefore, only half of the site was 
modeled, a center line being established half-way between the models. 
In a typical model there are about 1,200 grid points, 68 elements, and 
about 1100 membrane elements representing the sandstone. For accuracy 
the height of the membrane element is made equal to 1/8 of the wave 
length of a vertically propagating shear wave, having a frequency of 
33 Hz (Ref. 1). In the present project, frequencies up to 20 - 33 Hz 
were of interest for the design of the structures and equipment. For 
accuracy, the width of the membrane element is kept equal to not more 
than five times the height of the element. 

Width Study 
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In the first three models studied, the side boundaries were estab
lished 300, 550, and 800 feet (90, 170 and 240m.) away from the external 
walls. The depth was kept constant at 500 feet (150m) below the mat, and 
75 to 99 dynamic degrees of freedom were used (Table 1). 

The criterion earthquake time history was an artificial time history 
developed to match the criterion response as defined by the U S Nuclear 
Regulatory Commission in Regulatory Guide 1.60 of October 1973. The cri
terion earthquake time history was applied at the base of the models. 

As can be seen from Figure 3 the responses of the narrowest model 
were only slightly higher than those of the other two models, which 
were practically indistinguishable. One can postulate that for this par
ticular sandstone site a model with laterel boundaries 1440 ft (440m.) 
apart would be adequate. 

The responses in Figure 3 were practically constant for frequencies 
greater than 6 Hz although it was expected that there should be a gradual 
decrease in acceleration with increasing frequency since the input time 
history exhibited that trend. On examination of the rock modes, it was 
found that there were no rock modes at frequencies greater than 6 Hz, 
thereby producing a filtering effect on the input time-history. It was 
determined therefore to increase the number of dynamic degrees of freedom 
to obtain rock modes at least up to the frequency range of 20-30 Hz. 

Depth Study 

For the Depth Variation Study, the width of the model was kept con
stant at 1440 feet (440m.), and the depth was varied from 370 to 570 feet 
(113 to 175m.). In these models the number of dynamic degrees of freedom was 
increased from 87 to 350 in order to increase the range of responses, and a 
deconvoluted time history was used at the base of the rock. The criterion 
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time history was assumed to act at the foundation level, and a wave pro
pagation program was used to obtain the motions at the base level (Refer
ence 2). Figure 4 shows that by increasing the D.D.D.F.'s to 350, the 
range of responses was increased to the required 33 Hz, and that the shal
lower model exhibited only slightly higher responses at the mat than the 
deeper model. It was therefore decided that an even deeper model would 
not produce any further significant differences, and the 570 ft (175m.) 
depth was chosen for the final analysis. 

Both models exhibited the highest mat responses at about 13 Hz. 
Further examination of the results showed that the internal structure 
exhibited accelerations as high as 15 g's; and it was felt that these 
results were unreasonable. Seed et al. (Reference 1) reported that 
unrealistic response values can occur because of the specification of 
impossible control motion at a key location, such as the mat elevation. 
Therefore, in the models used for the final analysis, the criterion 
motion was assumed at grade. This is now reflected in the U. S. Nuclear 
Regulatory Commission's criteria, as defined in the Standard Review Plan, 
June 1975. 

Dynamic Degrees of Freedom 

In this study the purpose was to determine whether the number and 
distribution of dynamic degrees of freedom (D.D.D.F.) in the model with 
a depth of 570 ft (175m) was reasonable. In that model, in an attempt 
to utilize the maximum l).J).O.F. I S available in the program to the best 
extent, a non-uniform distribution had been adopted, with a higher con
centration under the structures than further away in the free field. 
Two rock models, without structures, but with the same distribution of 
D.D.D.F.'s were used in order to see whether the criterion time-history 
spectra at grade could be reproduced by the models (Table 1). 

As can be seen in Figure 5, the horizontal response spectrum at grade 
corresponds fairly closely to the criterion spectrum and even more closely 
to the results of the wave propagation program. The spectrum of the arti
ficial time history was omitted for the sake of clarity because it closely 
matches that of the wave propagation program. However, for the vertical 
response spectrum (Figure 6) the match is poor, indicating that the non
uniform distripution of D.D.D.F.'s tends to amplify certain frequencies 
and attenuate others. An examination of the natural frequencies of the 
rock model shows that the non-uniform distribution tends to introduce 
modes of greater participation at 
and elimination of modes at other 
model with a uniform distribution 
spectrum was reproduced at grade. 
distribution uniform for the final 
than 350 D.D.O.F.'s to be retained 

certain frequencies, producing the peaks, 
frequencies, producing valleys. The 
of D.D.D.F.'s shows that the criterion 
It was resolved therefore, to keep the 
analysis, thereby requiring more 
in the analysis. 

For the final analysis, 486 dynamic degrees of freedom were used for 
the North/South model, and 405 degrees were used for the East/West model, 
since it was narrower as a result of the center line between the two 
units. The results for the horizontal and vertical model are shown in 
Figures 7, 8, and 9. Far from the plant, at grade, there is fairly good 
correlation with the criteria response except that the interaction effects 
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were still present probably due to the low material damping. Spectral 
amplifications of the order of 2 occur at about 3 Hz, which happens to be 
the natural frequency of the largest building (Reactor Auxiliary Build
ing). The horizontal North/South and East/West responses are slightly 
different probably partially due to the structure - structure interaction 
effects in the East/West model. 

In all of the analyses, the normal mode method was used, without 
iteration for changes in rock properties with strain, since it was estab
lished by laboratory and site tests that the shear modulus only changed 
10 per cent, and that the damping changed from 1 to 3 per cent in the 
strain range of .0001 to .01. 

Conclusions 

For sites where the material damping is extremely low, the normal 
guidelines for establishing the extent of the site to be included in 
the model produce models that are too large for current computer pro
grams. It is suggested therefore, that parametric studies be under
taken to establish the sensitivity of the plant responses to the size 
of the model, in order to build a practicable model. In this study 
it was found that in adequate models the response at grade far from 
the plant will match the control motion to the extent that it is un
affected by rock - structure interaction. 

This study confirms the findings of Seed et al. (Reference 1) 
that even at considerable distance away from structures, the motions 
do not approach the free-field values when the damping ratio is low. 
It also confirms that unrealistic response values can occur if a broad 
spectrum is assumed for criteria motions at the mat depth in the free 
field. 

References 

1. Seed, H. B., Lysmer, J., Hwang, R. 

"Soil Structure Interaction analysis for Seismic Response. II 
Journal of the Geotechnical Engineering Division, ASCE 
May 1975, Volume 101, No. GT-5 

2. Schnabel, P. B., Lysmer, J., and Seed, H. B., "Shake: A 
Computer Program for Earthquake Response Analysis of 
Horizontally Layered Sites." 
Report No. EERC, 72-12 Earthquake Engineering Research Center 
University of California, Berkely, california - December 1972 



950 

Table 1 Models for Parametric Study 

Model Width Depth Purpose Applied D.D.a.F. 
of rock of rock time-history (*) 

Ut 2 ~m. 2 {ftl ~m·l 

1 940 (290) 570 (175) Width variation Criterion 75 
1 1440 (440) 570 (175) horizontal 87 
3 1940 {5902 570 ~1752 99 
4 1440 (440) 570 (175) Depth variation Deconvoluted (1) 350 
5 1440 ~4402 370 {1l32 horizontal 350 

Deconvoluted (2) 
6 720 (220) 570 (175) Distribution of Horizontal (3) 174 
7 720 (220) 570 (175) D.D.O.F,i< Vertical (3) 174 
8 390 ~1202 570 {1752 Vertical (4} 350 

Deconvoluted (2) 
9 1440 (440) 570 (175) Final models for Horizontal N-S 486 

10 1230 (380) 570 (175) Seismic analysis Horizontal E-W 405 
11 1230 (380) 570 (175) of plant Vertical 405 

'I, D. D.O. F. = dynamic degrees of freedom 
(1) Deconvoluted time-history obtained by assuming criterion T-H at mat 
(2) Deconvoluted time-history obtained by assuming criterion T-H at grade 
(3) Non-uniform distribution of D.D.a.F.'s 
(4) Uniform distribution of D.D.O.F.'s 
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SUMMARY 

The paper presents a probabilistic dynamic analysis of the inter
story displacement response to earthquake-like excitation of multistory, 
elastoplastic, shear structures .. The paper consists of two parts. In 
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the first, time-histories of story distortions of a 4-dof structure ex
cited by simulated earthquake motions are presented and the effects of 
yielding on the apparent mode of vibration of the various stories and on 
the amount of energy dissipated are shown. In the second part, two (math
ematical) models, predicting the expected values of story ductility fac
tors, are presented. The crude, "independent-springs" model gives rough, 
upper bound solutions, which appear to be too conservative for very stiff 
structures. The "improved" model combines the elastic random vibration 
theory of multi-degree-of-freedom structures, the elastoplastic random
vibration theory of simple oscillators, and accounts for the effects that 
the yielding of a story has on the other stories. The results of the 
method for these 4-dof structures compare very well with the statistics 
from 15 simulated motions. 

INTRODUCTION 
A large number of technical Dapers dealing with the probabilistic 

response of inelastic one-degree-of-freedom structures have been pub
lished in the last ten years. There does not appear to be any published 
work attempting to obtain the seismic response of inelastic multi-degree
of-freedom structures by direct random vibration analysis. In several 
simulation studies reported in the literature (Ruiz and Penzien, 1971, 
Peyrot, 1972), no attempt is made to develop a mathematical, probabilis
tic model of the inelastic behavior of the structure. This is not sur
prising if one considers the large number of factors involved, and hence, 
the difficulty to modify the already sophisticated mathematical methods 
used in the study of one-dof structures. 

The very large variability in the response stems from the fact that 
the inelastic activity tends to concentrate in the "weaker" story quite 
disproportionately; therefore, even if a structure is designed to develop 
a uniform ductility factor under a certain excitation, it may actually 

Preceding page blank 



962 

develop, locally, very large ductility factors when subjected to a 
different motion. 

Several mathematical methods have been extensively used to predict 
the probability distribution of the response of inelastic simple (l-dof) 
oscillators. such as perturbation methods (3), equivalent linearization 
methods (1), equivalent nonlinearization methods (8), "exact" methods 
such as solving the Fokker-Plank Equation (16) and others. All these 
methods are quite complicated and it seems extremely difficult to appro
priately modify them so that they can predict the response of multi-dof 
systems as well. Besides, the validity of these methods is limited to 
the case of small plastic deformations and, therefore, they are not gen
erally applicable. 

The scope of this research has been to model the elastoplastic vibra
tion of multi-dof structures by an approximate random-vibration analysis. 
The research consists of two parts. First, an "empirical" investigation 
is conducted. Time-histories of story-distortions of a 4-dof shear-type 
structure, excited by simulated earthquake motions, are studied. The em
phasis is on obtaining as much information as possible with regard to the 
energy dissipated during yielding and the frequency with which each floor 
vibrates before and after yielding. 

Then, an attempt is made to develop a mathematical model accounting, 
qualitatively and quantitatively, for the above-mentioned observed effects. 
In fact, two such models are presented in this report. The first is a 
very crude one, treating each story as being an independent elastoplastic 
spring, with elastic r.m.s. value, a, obtained by modal superposition for 
the m-dof structure. The model is intended to give rough upper bound solu
tions to the problem. This seems to be the case for the structures exam
ined, although in some cases the predictions were too conservative. An 
improvement to this model is made by accounting for the effect that the 
yielding of a story has on the vibration of the others (energy dissipation 
and change in the mode of vibration). An approximate, intuitive method 
of combining the yielding activities of the various stories is developed. 

TIME-HISTORIES OF STORY DISTORTIONS 

Starting from a smooth elastic response spectrum and an assumed 
total strong motion duration, s, a "compatible" spectral density func
tion (SDF) is computed. Inputing this SDF in the SIMQKE program, fif
teen statistically independent acceleration time-histories are computed 
which are then used as input accelerations to compute the response of 
the 4-dof structures. 

The structural model of all the structures tested was the close 
coupled or shear model (see Figure 1). Table 1 presents the elastic 
properties of the three categories of structures used (stiff, flexible, 
very flexible). The relative drifts (distortions) of each story are 
studied, considering especially the following quantities: (a) the ap
parent frequency of vibration, (b) the maximum value of elastoplastic 
drift, as measured by the ductility factor, ~, and (c) the hysteretic 
energy dissipated and the change in mode of vibration during yielding. 



Figure 1 - The Structural Model 

STRUCTURE #1 STRUCTURE #2 
(T l =0.377 sec) (T1 =1.13sec) 

STIFFNESS ~~ASS STI FFNESS MASS 
(ALL STORIES) (ALL FLOORS) (ALL STORIES) (ALL FLOORS) 

1152.0 0.5 128.0 0.5 

MODE FREQUENCY r·10DE FREQUENCY 

1 16.64 1 5.545 

2 47.94 2 16.00 

3 73.49 3 24.51 

4 90.20 4 30.07 

STORY 
DRIFT 
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STRUCTURE #3 
(T l =2.26 sec) 

STI FFNESS MASS 
(ALL STORIES) l\LL FLOOR 

32.0 0.5 

~10DE FREQUENCY 

1 2.78 

2 8.00 

3 12.25 

4 15.03 

Table 1 - Properties of the 3 Structures 

I 
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(a) Apparent Freguency of Vibration 

In the case of linearly elastic stiff structures, when only the 
fundamental mode is significant, the apparent frequency of vibration 
corresponds to the mean rate-of-zero-crossings, or the mean rate-of
peaks. When higher modes contribute (for the flexible structures), the 
mean rate-of-peaks is faster than the mean rate-of-zero-crossings and 
the apparent frequency for each story is in between the above two rates. 
This frequency is computed by a weighted superposition of all the modes 
of vibration of the structure: 

Q = {I p k Qk}~ m = 1 ,2, ... ,n (1 ) 
m k=l m (all stories) 

where the weighting factors Pkm represent the fraction of total response 
of the mth story contributed by the kth mode and the apparent modal fre
quency Qk is a superposition of the modal frequency (eigenvalue) and of 
the frequency content of the input motion. 

The comparison of the elastic frequencies computed by (1) with the 
frequencies measured from the time-histories of the response of the build
ings 1 to 3 (Table 2) leads to the conclusion that the elastic formulas 
compute a frequency which corresponds approximately to an average between 
the mean rate-of-zero-crossings and the mean rate-of-peak-occurences, and 
seems to be quite satisfactory for all practical purposes. 

Several authors have investigated the effect of yielding on the 
effective period of vibration (Vanmarcke et .al .• 1970; Ruiz and Penzien, 
1971; Frank, 1975). Combining the information obtained from the time
histories of the story distortions (in this study) with the results re
ported in previously mentioned papers, a (tentative) curve is constructed, 
giving the percent reduction in the apparent frequency of vibration as a 
function of the ductility factor, as is shown in Figure 2. Although the 
authors feel that more data is required to improve the accuracy of the 
curve, it seems that the curve is sufficient for practical purposes; it 
is employed in the analyses reported below. 

(b) Distribution of Plastic Response Over the Height of the Structure 

At the beginning of the motion, all the stories remain elastic. In 
order to assess what story will yield first, the ratio of the yield dis
tortion over the r.m.s. value of the associated linear system, r=Y/crx ' 
is a very good index. The smaller the r value of a story, the greater 
the threat of inelastic action starting first and being larger. This is 
especially true for cases where the apparent frequencies of vibration are 
very similar for all stories (stiff structures). 

Table 3 portrays and compares the r ratios with the ratios of 
average elastic response over the r.m.s. value of the associated linear 
system, m/crx' and the average ductility factors, ~, for the three struc
tures mentioned previously. 

Looking at the elastic response, one can see that while for the 
stiff structure. the statistical mean of the story drift is propor
tional to the elastic r.m.s. value, crx' the top stories of the two 
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8 10 12 

Figure 2 - Reduction in Rate-of-Zero-Crossings due to Yielding 

STRUCTURE 

1 
( Stiff) 

2 
(Flexible) 

3 
(Very 

Flexible) 

MEASURED (APPROXIMATELY) 

FLOOR CQt.1PUTED RATE-OF-ZERO-CROSSING 

1 16.67 16.7 
2 16.67 16.7 
3 17.10 16.8 
4 18.30 17.0 

1 6.97 6.3 
2 6.22 6.3 
3 7.93 6.8 
4 11.68 7.6 

1 4.58 4.2 
2 4.47 4.2 
3 4.88 4.5 
4 6.27 5.0 

Table 2 - Apparent Frequencies of Vibration -

Computed Vs. Measured 

RATE OF PEAKS 

16.7 
17 .0 
18.0 
20.0 

7.2 
~ 6.3 

8.5 
15.0 

4.7 
4.5 
5.0 
7.8 
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STORY 

1 
2 
3 
4 

STORY 

1 
2 
3 
4 

STORY 

1 
2 
3 
4 

r '" Ylax 
0.7465 
0.7445 
0.7421 
0.7324 

r '" Yla x 

0.580 
0.593 
0.562 
0.489 

r '" YIC5
X 

0.456 
0.463 
0.443 
0.390 

TABLE 3 

STRUCTURE #1 

l/r mlax ].l 

1.34 3.00 4.538 
1.343 2.96 2.859 
1.347 2.97 5.142 
1.365 3.01 8.088 

STRUCTURE #2 

l/r m/ax ].l 

1.724 2.38 4.44 
l.686 2.40 3.20 
1 .780 2.46 5.00 
2.05 2.78 13.84 

STRUCTURE #3 

l/r m/ax ].l 

2.194 2.05 3.672 
2.161 2.01 2.690 
2.256 2.10 4.266 
2.564 2.37 9.095 

flexible structures suffer an elastic response which relative to its 
r.m.S. value is much larger than for lower stories. This is due to the 
higher frequencies with which the top stories of flexible structures vi
brate, compared to the bottom stories. 

The average ductility factors of all the stories, with the exception 
of the first story of the stiff structure, reflect the pattern of l/r 
ratios, but the differences from one story to another are much larger than 
the l/r ratios suggested. The fact that ductility factors of the top 
story are significantly larger than the ductilities of all the other stories, 
for example, should be attributed to three factors, one of which is the 
smaller r value. The other is the higher frequency of vibration. Both of 
these factors make the top story yield more often than the others and thus 
dissipate energy which is reduced from the energy that the other floors 
are receiving. Therefore, the amplitudes of 'vibration of the other floors 
are smaller than if the top floor were not yielding, and hence the differ
ence in ductility ratios is much larger than in the ones of an equivalent 
one-dof system, with r values differing so little. 

Comparing the responses of the three structures among themselves, one 
observes that although the r ratios decrease with increasing flexibility 
of the structure, the average over the height ductility factors show no 
similar trend. This is believed to be due to the fact that the frequency 
of vibration of the stiffer structures is higher and hence the rate 'of 
plastic excursions faster than that of the more flexible s~ructures. Since 
the maximum response is the result of randomly occuring positive or nega
tive plastic excursions, the probability of a large number of the same 



sign of plastic excursions occuring increases with increasing frequency 
of vibration. This result can be compared with the behavior of simple 
elastoplastic oscillators. For very stiff structures, the response is 
acceleration-controlled and the elastoplastic total displacement is ~ 
times larger than the elastic one, while for flexible structures, the 
elastoplastic displacement is (almost) equal with the elastic displace
ment. 

(c) Effect of the Yielding of One Story on the Vibration of the Whole 
Structure: Energy Dissipation and Change in Mode of Vibration. 

967 

As a result of the research presented here, it can be concluded that 
there are basically two ways in which the yielding of a story effects the 
vibration of other stories. First, due to hysteretic dissipation of ener
gy in the yielding story, in addition to the one dissipated by viscous 
damping, the other stories receive less energy than if the response were 
elastic; this causes the amplitudes of response to decrease. And, secondly, 
when a story is yielding significantly, the apparent mode of vibration of 
the part of the structure above the yielding story changes; this may have 
different effects depending on which story yields and on the flexibility 
of the structure. 

Two figures are presented to demonstrate these two effects. In Fig
ure 3, the responses of two relatively stiff structures are compared. The 
two structures differ only in the shear strength of the top story: the 
strength in the second structure is only 75% of the strength in the first 
one. Thus, most of the inelastic action in the second case is concentrated 
in the top story, which suffers a ductility factor of 6.9 as compared with 
the 2.9 of the first structure. The effect of this increased yielding ac
tivity can be seen in the figure. It is clear that the only change in the 
response of the first three stories is a small change in the amplitudes of 
vibration; the apparent frequencies of vibration remain the same and the 
whole appearance of the time-histories of the two structures clearly in
dicates that the apparent modes of vibration are the same. 

Figure 4 portrays the responses of a structure excited by two ground 
motions with maximum accelerations 0.1 g and 0.3 g. respectively. In both 
cases, the first story suffers the greater ductilities. In the second case, 
however, when very large plastic displacements take place, the first story 
yields almost 35% of the total response time. This increases the apparent 
frequencies of vibration of the upper stories, as can be very clearly seen 
in the figure. It seems reasonable to argue that the top three stories be
have as a 3-dof system most of the time and, therefore, have higher fre
quencies of vibration during this time. 

All these observations are used as a guide to model the elastoplastic 
dynamic behavior of multi-degree-of-freedom structures through approximate 
random vibration analysis. 

ATTEMPTS TO MODEL THE ELASTOPLASTIC DYNAMIC BEHAVIOR OF M-DOF STRUCTURES 
a) A Crude Model 

The first model to approximately predict the elastoplastic response 
of multi-story structures during earthquakes is based on the assumption 
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that the structure is composed of independently acting springs whose elas
tic r.m.s. value is computed by modal superposition for the whole structure. 
The method is intended to give rough upper bound solutions, since it does 
not account for the reduction in the elastic r.m.s. valLie of a story while 
other stories are yielding. 

The method suggested by Karnopp and Scharton (7) and extended by 
Vanmarcke et al.(12-14) is used to compute statistics of the elasto
plastic response of simple oscillators. The method treats the vibra-
tion process as a two-state Markov process and uses the results of the 
linear theory of level crossings of stationary random functions. The 
basic idea is that when no plastic action occurs, i.e., between response 
excursions into the plastic domain, the elastoplastic system behaves like 
an elastic oscillator having the same frequency of vibration as the initial 
natural frequency of the structure. During these elastic intervals, the 
response is assumed to be stationary with zero mean and r.m.s. value equal 
to 0, as defined previously. By treating the plastic clumps as "points in 
time", the time between clump arrivals is exponentially distributed with 
mean value TO given approximately by 

'[ =: E[T] =: -e 1 - exp[-r/2S] 1 r2/2 { } 
o 0 2v (2) 

where To time between yielding 
v =: 2; is the frequency of vibration 
r =: ratio Y/ox 
6 = structural damping of the system (6=0.02 in this paper) 

The amount of deformation due to a plastic excursion is derived (7) 
by equating the kinetic energy before yielding (!,zMx2) wHh the hysteretic 
work dissipated during yielding (Rmldl) and is given by 

8 = E[d] ~ 02/2Y = 0 /2r x x (3) 

The cumulative probability distribution of the maximum inelastic 
deformation, Ms ' has the form of a Type I Extreme Value Distribution (13) 

P[Ms .2. d] = exp {-(VyPddt} =exp{_(eVyS - l)e-d/ o} (4) 

where 

v ~ 
y 

total strong motion duration 
probability that a plastic set contribution at 
results in an upcrossing of the level d, and 
liT rate of plastic clump occurences 

o 

time t 

Combining the results of equation (1) to (4), the expected ductilities 
of all the stories of these structures are computed. These results are 
compared in Figure 5 with the average values from the 15 simulated motions 
(5). In all three cases, the method gives answers which are upper bounds 
of the response. For the stiff structure, the results are too conservative 
and do not reflect the pattern of decreased ductilities of the middle 
stories over the first, but the results for the two flexible structures 
are satisfactory considering the crudeness of the assumption underlying 
the method. 



(b) Improved Model Accounting for Energy Dissipation and Change in 
Mode of Vibration During Yielding. 
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To compute the rate of energy dissipation due to the yielding of a 
given story, say k, this story is assumed to be unaffected by the possible 
yielding of other stories. In that case, the yielding story will behave 
as an independent elastoplastic spring while the other stories vibrate 
elastically with reduced r.m.s. values and, possibly, increased apparent 
frequency of vi brati on. The expected tota 1 amount of h'ys tereti c energy 
dissipation in the kth story is ~(S) ~ 

E[HkJ = Rk E L D~k 
m i=l 1 

, N(s) is the number 
of plastic clumps (5 ) 

k th *k where Rm is the shear strength of the k story and D. is the sum of the 
absolute values of all plastic displacements during a1single "plastic 
clump" of the kth story. Assuming that the consecutive peaks of a plastic 
clump are independent of the amount of a single plastic excursion and of 
the position of the peak within the clump, the expected value of oi is 
computed by the relation 

E[D~J "" E[Nl J • E[dJ "" 0.5 I {l - exp[ -r I2i3 J} • C5/2r (6) 

where the expected number of peaks in a "plastic clump",E[N1J. was derived 
by combining theoretical arguments with results from time-history analyses. 

In a similar semi-empirical way, the quantity E~lfS)D~iS derived as b=l iJ 
well as the total expected time which a story spends in yielding, E[TJ. 
The power dissipated can then be evaluated in the following approximate 
way: 

(7) 

The new (elastic) r.m.s. value of the mth story due to the yielding 
of the kth story, C5~k' is related to the "initial" r.m.s. value, C5m' as 
follows: n 

C5*k "" C5 • {l - 2 r2 (vk Kk C5 k
2) I L (v. K. Y~)}~ (8) 

m m m ;=1 1 1 1 

To assess the change in the mode of vibration with accuracy is al
most a formidable task. One can only develop an approximate method based 
on the theoretical arguments and the empirical evidence discussed previous
ly. The lower stories continue to vibrate with the same frequency as be
fore yielding; the higher stories vibrate as a new m-dof system (having 
a smaller number of stories than the whole structure and, therefore, a 
higher frequency of vibration), In this paper, the frequencies of all 
possible "clusters of upper stories" were roughly estimated by interpo
lation between the frequency of one story (Wtop = {[K/~1] top}~ and the 
fundamental frequency of the whole structure, w

l
. 

The problem left is how to combine the effects of yielding of the 
various stories. An intuitive approach is followed: The change in the 
r.m.s. value and the frequency of vibration of all the stories due to 
the yielding of each story, i, is first computed. Based aD these values, 
the "partial expected ductility factor" of each story m, )J~, is computed 
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as if each story were independent of the others. The final expected 
ductility factor, ~m' is obtained by superimposing all the combina
tions of yielding actions, conditioned by the probability of occurence 
of each combination, fi' i.e.: 

n . 
1 

~ == _I (fi fJm) 
m 1"'1 

(9) 

In the present "improved model", the probability fi is taken to be in
versely proportional to the square of the expected time between yielding 
clumps, T . 

o 
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The results of the method are compared in-Figure 5 with the statis
tics from the 15 simulated motions (5) and the results of the crude model. 
The overall agreement is quite satisfactory. The greater difference 
exists in the top story ductilities of the two flexible structures, which 
are underpredicted by this method. A probable reason for this discrepancy 
is the crude way the increased frequencies of the upper stories are com
puted: the fundamental frequency certainly underestimates the frequency 
of the top stories of flexible structures. 

CONCLUSIONS 

The conclusion of the empirical research is that the effect of the 
yielding of a story on the lower stories is to reduce the power they 
recieve, while the higher stories, besides the reduced power, vibrate 
with higher frequencies than before yielding. The frequency of the 
yielding story decreases due to yielding. 

The models presented and evaluated in this report lead to the, 
tentative at least, conclusion that it is possible to model the elasto
plastic dynamic behavior of a m-dof structure in a random vibration 
fashion. This can be done by properly combining the elastic random
vibration results of the m-dof system, the elastoplastic random-vibra
tion results of the one-dof system and the previously mentioned effects 
of yielding on the behavior of a structure (energy dissipation and change 
in mode of vibration). Attempts to further improve the presented model 
have to be made in the near future to either verify or reject the above 
conclusion. 
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Summary: In this paper, "Steady-State Forced Vibration" is adopted as a' 
medium to make possible the direct comparison between earthquake loadings, 
dynamic responses and ultimate states of structures on a common basis. 
First, ultimate state criteria of structures subjected to regulated cyclic 
loadings are given by probabilistic descriptions with the following three 
random variables, resonance capacity relating to hysteretic energy absorp
tion, deformation amplitude (or equivalent natural period) and number of 
cycles. Second, it is shown that the characteristics of earthquake load
ings and structural dynamic responses are able to be expressed by probabil
istic distributions of regulated waves and to be illustrated in the space 
with acceleration amplitude-, period- and number of waves- coordinate axes. 

Finally, combining both the probabilistic properties of ultimate state 
conditions and dynamic responses of structures, their ultimate aseismic 
safety is able to be evaluated as a probability of survival. It is empha
sized here that fracture conditions of structures should be based on exper
imental results and that the probability of survival shoud be used as an 
objective function in ultimate aseismic optimum design. 

1. INTRODUCTION 

In many researches on the aseismic safety or reliability of structures, 
the following approach is commonly adopted [5] [4] [3]. When earthquake 
loadings are given as stochastic processes, on the basis of the well known 
linear differential equation of motion, structural responses to them are 
also solved as stochastic ones. Using a fracture criterion, e.g. critical 
deformation or cumulative damage, aseismic reliability of structures is 
able to be estimated as i threshold-crossing problem or a peak-distribution 
problem. This approach, however, is available only in the case that struc
tures always show linear or approximately linear properties until fracture, 
even if such a linear differential equation is applied by means of equiva
lent linearli~ation. 

On the other hand,the fracture criterion of structures or materials 
subjected to low cycle loadings which show plastic strains until fracture 
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is able to be theorized on the basis of the Manson-Coffin' s hypothesis [7] 
[1) . Its application in the case of dynamic structural responses, however, 
is impossible unless cyclic loadings are deterministically given [2], be
cause of the hysteretic characteristics of structures and materials. If 
the Manson-Coffin' s hypothesis should be able to be deal t with in the same 
linear ways as the Miner's law, a probabilistic approach might become pos
sible [6]. Anyway, in probabilistic approach to ultimate aseismic struc
tural safety, it seems at present to be an alternative problem which should 
be selected the linearlization of dynamic responses or of fracture criteria. 

The purposes of this paper are to fill the gap between dynamic re
sponses and fracture criteria of structures SUbjected to earthquake load
ings and to establish a method to evaluate the aseismic safety of struc
tures in their ultimate states. Aiming at these purposes, the following 
new idea is adopted here. By means of probabilistic distribution of 
"steady-state forced vibration" phenomenon, is it impossible to describe 
the characteristics of future earthquake loadings, dynamic responses and 
ultimate states of structures? If possible, all these properties are able 
to be compared directly, and then the ultimate aseismic safety is able to 
be estimated as a probability of survival. 

2. STEADY-STATE FORCED VIBRATION 

A critical coherent phenemenon "steady-state forced vibration" is 
adopted here as a fundamental medium which ensures the direct comparison 
between earthquake loadings, dynamic responses and ultimate aseismic prop
erties of structures. When a structure is subjected to earthquake excita
tions, in reality, such a steady-state response will seldom occur because 
of the randomness of earthquake loadings. However, if earthquake waves 
are described as a probabilistic distribution of various sinusoidal waves, 
the dynamic responses of structures are also able to be described in terms 
of a probablistic one of steady-state forced vibration. 

On the other hand, aseismic characteristics of structures subjected to 
regulated cyclic loadings are able to be obtained easily and directly by 
means of proper experimental or analytical operations and to be described 
of course in terms of probabilistic expressions. Consequently, the dynamic 
responses and the asejsmic characteristics of structures are able to be com
pared directly, and the aseismic safety of the structures is estimated as a 
probability of survival. 

Anyway, although "steady-state forced vibration" is an imaginary phe
nomenon in earthquake responses, it is useful and effective enough to de
scribe expected future earthquake waves and to carry out well defined cyc
lic tests on structures. Rigorously saying, "steady-state forced vibra
tion" adopted in this paper differs from the conventional one in vibration
al theory. Presice definition is given in the later chapter. 

3. RESONANCE-FATIGUE-CHARACTERISTICS 

3-1. Resonance Capacity 
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When a structure is subjected to constant vertical load Wand alter
nately repeated cyclic horizontal load P and has a deflection amplitude 8a 
as shown in Fig. 1, that structure shows such a P - 8 hysteresis loop as 
shown in Fig. 2 at Ncth cycle. Denote the area of the hysteresis loop, A, 
and "Resonance Capacity" CR is defined by 

3-2. Fatigue Characteristic 

1 A 
If 0a 

C 1) . 

Under the condition of a constant "Resonance Capacity" CR, which cor
responds to the "steady-state forced vibration" defined in this paper, gen
erally, a structure shows a curved line SIX' in 0a - Nc plane, which starts 
from point S' and ends at fracture point X' as shown in Fig. 3. Using CR 
as parameter, the structure has many lines which are limited by curve Y'Z' 
corresponding to its fracture. That fracture line'Y'Z' is defined as the 
one on which the deflection amplitude 0a diverges to infinity. 

~ 

Pa 

JV= CO!7st. 

Fig.l Structure Subjected to 
Cyclic Loading 

8" 
o 

! 

y' 
Fracture Line 

~£;: CX) 
I 
IX' 

z' 

He 

Fig.3 Resonance-Fatigue-Charac
teristic in 0 - N Plane 

a c 

p 
A 

Pa 

-00 

Ncth cycle 

Fig.2 P - 6 Hysteresis Loop 
at Ncth Cycle 

3-3. Resonance-Fatigue-Space 

Considering CR - 8a - Nc space, 
called resonance-fatigue-space in this 
paper, the fatigue characteristic 
shown in Fig. 3 is able to be illus
trated by a curved surface with bound
ary line YZ as shown in Fig. 4. The 
curved line SX on that surface is par
allel to 0a - Nc plane, and the lines 
y'zt, SIX' on oa - Nc plane are the 
projections from YZ, SX to that plane. 
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CR=const. 

z' 

(= CR) 
W 

Fracture Line 

lSe 

Fig.4 Resonance-fatigue-Character
istic in CR- 8 - N Space a c (Resonance-Fatlgue-Space) 

Fig.S Modified Resonance-Fatigue-Char
acteristic in K

R
- T - N Space 

(Modified Resonance-F~tigu~-Space) 

3-4. Modified Resonance-fatigue-Space 

When the structure in Fig. 1 is considered as a one mass oscillator, 
the equivalent mass m and stiffeness k are given as follows; 

e e 
m = Wig (2), k = P 18 (3), 

e e a a 
where P is the horizontal load amplitude of the loop in Fig. 2. As for an 
equival~nt one mass oscillator, the coordinate axes C ,8 in C

R 
- 8 - N 

space are reasonably replaced by resonance shear coef~ici~nt KR and ~quiv~
lent natural period T expressed as follows; se 

KR = CR/W ( 4), 

In K - T - N space called modified 
R se c 

Fig.6 Fracture Condition Expressed by 
Probabilistic Description 

T 2u/(W/g) (8 IP ) se a a (S) . 

resonanace-fatigue-space in this 
paper, a curved surface analo
gous to the one in Fig. 4 may 
be drawn as shown in Fig. 5. 
For example, the boundary line 
YZ corresponding to the fracture 
one in Fig. 4 is transformed to 
YZ in Fig. S. 

3-S. Probabilistic Description 

The fracture line YZ of a 
structure in KR - T - N space 
is, generally ableSto becex
pressed in terms of a probabil
ity distribution or density 
function, FeT ,N IK ) or f(T , 

5e. c R 5e N IKR) , contalnlng the mechaDlc-
aT and material characteristics 
of that structure. Taking 
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f(T ,N /KR) as parameters, tubes including YZ are made visible in KR - T -
N s~icecas shown in Fig. 6. It must be remembered well that the resonaR~e
f~tigue-characteristics shown in Figs. 3,4,5,6 are able to be obtained by 
means of physical, i.e. experimental operations (8). 

4. EARTHQUAKE-\,IAVE-CHARACTERISTIC 

4-1. Acceleration Amplitude, Period and Number of \'laves 

During a life of a structure, in general, some random ground motions 
due to earthquakes are expected to attack it. These ground motions are 
expressed as acceleration waves with various acceleration amplitudes and 
periods as shown in Fig. 7. Assuming that these waves are composed of 
many pseudo-sinusoidal waves with acceleration amplitude a E, period TE and 
number of such waves NE, the sets of aE, TE, NE are cosidered to represent 
the feature of earthquake waves as an assembly of sinusoidal ones. 

c< 

t 

4-2. Earthquake-Wave
Space 

In the same way 
as used to represent 
the resonance-fa tigue
characteristic of a 
structure in Fig. 5, 
earthquake-wave-space 
with aE/g, TE, NE co
ordinate axes is intro
duced to express the 

Fig.7 Acceleration Waves of Earthquake Excitations properties of earth-
quake waves as shown 
in Fig. 8. It is of 

importance that these factors, 
~ ~E aE/g, TE, NE have the same 

'8 f(g ,7i:,NEJ=COnst. meanings as the factors, KR, 

Fig.S Earthquake-Wave-Characteristic 
Expressed by Probabilistic 
Description in aE/g-TE-NE Space 

Tse ' Nc defined in Chapter 3. 

4-3. Probabilistic Description 

No one can foreknow the 
real features of earthquake 
waves expected to occur in 
future, and moreover they are 
considered to be random very 
much. Consequently, it is 
the most reasonable to express 
them by means of probabilistic 
description. Using aE/g, IE' 
NE as random variables, there
fore, a probability distribu
tion or density function, F(aE 
/g,TE,NE) or f(aE/g,TE,NE), is 
able to be defined in earth-
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quake-wave- space as shown in Fig. 8. In other words, the features of ex-
pected earthquake waves are able to be represented by a probabilistic dis
tribution of sinusoidal waves with the same Cl.E, TE, NE' 

5. RESONANCE-RESPONSE-CHARACTERISTIC 

5-1. Steady-State Resonance Acceleration 

When a one mass oscillator with mass m and restoring force function 
fex) is subjected to ground motions of sinusoidal acceleration waves with 
amplitude aE, period TE and phase difference ~ as shown. in Fig. 9, assume 
that the oscillator reaches steady-state forced vibration and that the re
storing force function shows a hysteresis loop with displacement amplitude 
xa and area A as shown in Fig. 10, and the following differential equation 
of motion is able to be derived; 

m ~ + fex) = -m aE cose ~ t + ~ ) 
TE 

(6) . 

zx 
r---t--! 

~/?J 

~ 
I 
I 
I 
I 

Fig.9 One Mass Oscillator 
Subjected to sinusoidal 
Waves 

frx) \ A 

Fig.10 Restoring Force Function 
at Steady-State Vibration 

If the response displacement x is 
approximately given by 

(7) , 

integrating both the sides of Eq. 6 with respect to x over one cycle, final
ly, the following energy equilibrium equation is derived; 

A 
ISin¢ I (8) . 

1TXa 
m aE 

Refer to Eqs. 1,2,4, then Eq. 8 is reduced to 

KR = a*/g 
R 

(9), a* 
R = Cl.E IsincpI (10) , 

where Cl.R is defined here as steady-state resonance acceleration amplitude 
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of an oscillator or an equivalent structure. 

Consequently, the "steady-state forced vibration" adopted in this 
paper is able to be defined by the following phenomenon; a structure sub
jected to regulated input waves with constant acceleration amplitude aE 
shows constant steady-state response acceleration amplitude aR' constant 
resonance shear coefficient KR and then constant resonance capacity CR' 

5-2. Response Wave Characteristic 

When a one mass oscillator is subjected to such earthquake excitations 
as sholill in Fig. 7, response acceleration waves are generally illustrated 
in Fig. 11. Denote response acceleration amplitude, period and number of 
waves, uR' TR and NR, and in the same way as earthquake waves the response 

ZNR pieces 

t 

wave characteristics are 
described by means of prob
ability distribution of 
pseudo-sinusoidal waves 
with aR' TR and NR. Here, 
applying "steady -state 
forced vibration", althou~h 
aR' TR' NR are equal to uR' 
TE, NE, respectively, aR is 
obviously given as a func
tion of Ts/TE' where Ts is 
the natural period of that, 
oscillator. Precisely 

Fig.ll Response Acceleration Waves saying, there exists a 
probability in the occur-

brat ion itself. 
phase difference 
NR and NE' 

rence of steady-state vi
To consider such a probability, it is reasonable to regard 

Isin¢1 in Eq.lO as a function of the relativity between 

In this paper, therefore, resonance-response-space with rectangular 
coordinate-axes, a~/g, Ts ' NR, is defined so that it represents response wave 
characteristics of structures which are of course given as a function of 
aE/g, TE' NE' 

5-3. Probability of Steady-State Resonance and Forced Vibration 

According to linear vibration theory, the phase difference ¢ in steady
state forced vibration is given by 

ISin¢1 == 2h ~s 1/0 - (~S)2}2 + 

E E 
(11), 

where h is the damping factor of that oscillator. As for an oscillator wl th 
hysteretic restoring force function, h is replaced by equivalent viscous 
damping factor he' which is, in case of reinforced concrete members, about 
0.3 to 0.4 for flexural yielding type and about 0.1 to D.2 for shear failure 
type [8]. From another point of view, Eq. 11 is able to be considered to 
represent the probability of the occurrence of steady-state resonance. 

On the other hand, regarding \sin¢ I as the probability of the occur-
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rence of steady-state forced vibration expressed by a function of NR, NE, 
the tendency of ISin¢1 is proposed here as follows; 

I sin¢ I = 1 - K exp (- N ~N ), 0 ~ K ;;; 1, (12), 
R E 

where K is constant. ISin¢1 is given as a decreasing function of NR/NE, 
because the less N and the more NE become, the more the probability of 
steady-state vibra~ion is naturally considered to become. In the more 
rigorously way, [sin¢1 in Eqs. 11,12 should be given by means of probabil
istic description, but it is given here by deterministic function for sim
plification of the later discussions. Su~posing that T ITE is independent 
of NR/NE and combining Eq. 11 and Eq. 12, isin¢i is illu~trated as shown in 
Fig. 12. 

5-3. Probabilistic Description /sinpI 

From the probability density 1 
function of expected earthquake 
waves, fCaE/g, TE,N

E
) as shown in Erg.18 __ .".., 

Fig. 8, the folIowlng two probability 
density functions with aE/g, TE 
and CY.E/g, NE as random variables 
are derived as marginal distributions; 

f(aE/g,TE) '" 

)!(CY.E/g,TE,NE)dNE 

f(CtE/g,N E) '" 

l!(CY.E/g,TE,NE)dTE 

(13) , 

(14) . 

Combining Eqs. 13,10,11, 

Fig.12 

a new probability density function 
with random variables CtR/g, TE 
and parameter T is given by 
f(aR/g,TE/T ) a~ shown in Fig. 13. 
From this, ihe following probability 
density function with random 
variable aR/g and parameter T 
is derived as mrginal distri- 5 

but ion; 

Probability of Steady-State 
Resonance and Forced Vibration 

* 
f ( c; ~ 7£/Ts)= const. 

f(CtR/g ITs) = 

~!(aR/g'TE/Ts)dTE 
(15) , 

Fig.13 Probabilistic Resonance-Response 
Surface in CtR/g-Ts-TE Space 



If 
(X;? 

f( 8/78)= const. 

Fig.14 Probabilistic Resonance
Response Curve in aR/g-T

s Plane 

which is shown in Fig. 14. 

In the same way as adopted 
above, using Eqs. 14,10,12, a 
new probability density function 
f(aR/g,NE/NR) is derived as shown 
in Fig. 15. Integrating with 
respect to N , the following 
probability ~ensity function is 
given as marginal distribution; 

* 
~ 8 

* CiR I f(BI NRJ=COnst. 
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Fig.16 Probabilistic Resonance
Response curve in aR/g-N

R Plane 

fCCtRI g IN R) = 

\!(CtR/g,NE/NR)dNE 

(16) , 

Fig.1S Probabilistic Resonance-Response 
Surface in CtR/g-NR-NE Space 

which is shown in Fig. 16. 

In the same way mentioned 
above, a probability density 
function with random variable 
a*/g and parameters T , NR, 
f~a~g /Ts,NR) is easIly reduced 
as shown In resonance-response
space in Fig. 17. This shows 
a probabilistic description of 
response characteristics 
of an oscillator subjected 
to earthquake excitations 
shown in Fig. 8. 

'* 
f f-J / Ts, NR) = const. 

Fig.17 Resonance-Response-Characteristic 
Expressed by Probabilistic 
Description in CtR/g-Ts-NR Space 
(Resonance-Response-Space) 
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6. ULTIMATE ASEISMIC SAFETY 

The modified resonance-fatigue-space with K
R

, T , N coordinate axes 
defined in Figs. 5,6 has the same physical meanings li~ th~ resonance
response space with aR/g, T , TR coordinate axes defined in Fig. 17, because 
Eq. 9 shows that KR is equaf to aR/g, Eq. 5 shows that T is equivalent to 
T , and Both N ana N mean a numoer of cycles. Conseqa~ntly, a probabili
t~ of surviva1 cof a s~ructure p is able to'be calculated as follows; 

s 

P (KR,T ,N ) s s R \
00\00 \KR = f(T,N /KR)dT dN f(a*R/ g 
Ts NR se c se c 0 

(17) . 

Ps is given as a function of KR, T , NR, because these factors have been 
used as parameters. From the tecflnological point of view, the following 
three kinds of p -value may be available; the minimum, the mean and the 
maximum, i.e. p s. , p and p ,which are calculated within a region smIn smean smax . 
~ of KR, Ts' NR· Let V(~) be the volume of the regIon 
Q, p IS gIven by smean 

p '" ( P (KR, T ,NR)dKRdT dNR/V(r2) 
smean Jr2 5 s S 

(18) , 

which is proposed as a barometer of ultimate aseismic structural safety in 
this paper, al though it is also a function of r2. 

7 . CONC LUS IONS 

On the basis of steady-state forced vibration, ultimate resonance
fatigue-characteristics of structures as shown in Fig. 6 are defined by 
means of probabilistic expression so as to represent their ultimate earth
quake-resisting capacities. Furthermore, resonance-response-character
istics of structures as shown in Fig. 17 are introduced in terms of proba
bilistic description so as to express the response level of structures 
subjected to earthquake loadings which are also described by probabilistic 
distribution of regulated waves as shown in Fig. 8. Comparing them direct
ly, a probability of survival of structures against expected future earth
quakes p is able to be given as a function of KR, T , NR shown by Eq. 17, 
and the fuean value of p defined by Eq. 18 is proposgd as an index value on 
the ultimate aseismic s~fety of structures. 

It is true aseismic optimum design of structures to make the value p 
maximum under social and economical confinements. s 
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SUMMARY 

A free vibration finite element analysis for rotational shells is 
developed and applied to the seismic analysis of hyperbolic cooling 
towers. In the numerical studies, particular attention is drawn to the 
influence of the system of supporting columns on the dynamic stresses 
and deformations. 
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INTRODUCTION 

Hyperbolic cooling towers are a visable part of many nuclear power 

plants and form an important link in the return of cooling water to the 

source. These structures have been constructed to heights approaching 

500 ft. and are basically thin shells of revolution supported atop a system 

of closely spaced columns which border the air intake space. The ring of 

columns forms a rather abrupt discontinuity between the shell and the 

foundation and plays an important role in the response of the structure to 

seismic excitation. A typical tower is depicted in Figure 1 along with 

some structural details. 

The effect of wind forces on hyperbolic cooling towers is rather severe 

as compared to a rectangular building structure of similar proportions. This 

occurs because of the geometric form and the surface characteristics. As a 

result, cooling towers designed for extreme wind conditions can often meet 

earthquake design criteria as well. However, in some situations the seismic 

conditions may control and the problem merits careful attention in any case. 

The response spectrum method is generally accepted as a realistic basis 

for the seismic analysis of cooling towers. From a structural engineering 

standpoint, the information required to perform such an analysis is obtained 

chiefly from an undamped, free vibration analysis. For doubly curved shells 

such as cooling towers, a dynamic analysis is best approached with a vari

ationally based method which produces a consistent mass matrix and a con

sistent loading vector. The principal reason for requiring this degree of 

sophistication is that purely physical lumping of the masses and loads is 

difficult and often inaccurate with curvilinear coordinates. Also the 

presence of the column system at the base of the shell obviously influences 



the natural frequencies and mode shapes, particularly those due to a 

horizontal seismic excitation where the shell may translate with respect 

to the base of the columns. 

The purpose of this paper is to outline a response spectrum analysis 

procedure suitable for hyperbolic cooling towers and other shells of revo-

lution. 1 2 Some aspects of this work have been presented elsewhere' but are 

repeated here for clarity and continuity so that all essential steps can be 

discussed. 

FINITE ELEMENT FORMULATION 

A high-precision finite element procedure originally developed for the 

static analysis of arbitrarily loaded, thin elastic shells of revolution3 has 

been generalized to include dynamic effects based on Hamilton's variational 

principle
4

• The element geometry, Fig. 2, is expressed in terms of the 

curvilinear coordinates ~ and e, and the displacements, rotations, and stress 

and moment resultants are defined as shown in Fig. 3. 

With the shell discretized into n elements and the displacements and 
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rotations taken in harmonic form in the circumferential direction and represented 

by high-order interpolation polynomials, the equations of motion, in the 

absence of surface loadings,take the form 

(1) 
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in which 

[K.(j)J. [C.(j)J, [M~ (j)] = element stiffness, viscous damping and consistent 
~ ~ .. 

mass matrices for harmonic j; {6
i
(j)}, {qi (j)} = element vectors of nodal dis-

placements and higher order terms for harmonic j; and C') indicates differen

tiation with respect to time. The order of [qi (j)} is equal to the number of 

coefficients in the displacement interpolation polynomials less the number of 

defined nodal displacements. In this for~lation, since transverse shear and 

rotatory inertia effects are retained {6 (j)} = Cu. (j) v. (j) w. (j) ~ ~j) ~ ~j)} 
'i 1. 1. 1. <p1. 91. 

where the elements of {5. (j)} are the Fourier coefficients for the correspond-
1. 

ing displacements shown in Fig. 3. 

From Eq. (1) it may be observed that the retention of variables [q. (j)} 
1. 

in the formulation significantly increases the order of the stiffness and mass 

matrices, especially when higher order comparison functions are used to approx-

imate the displacement field. Since the solution of the dynamic equations of 

motion for large systems involves significant computational effort, it is 

desirable to eliminate these variables prior to the actual solution. In the 

static case, the elimination of {qi (j)} by static condensation resulted in a 

very efficient formulationS. For the dynamic case an analogous technique, 

kinematic condensation, can be applied. However, in contrast to the static 

technique, kinematic condensation is not exact. A rigorous development of 

this method is given by Geradin6 assuming harmonic motion. The technique is 

further explored in Ref. 4 where it is shown that provided certain limitations 

on the order of the interpolation polynomials are observed, the vector {q. (j)} 
1. 

and the corresponding terms of the stiffness and mass matrices may be conrlen-

sed on the element level without appreciable loss of accuracy. 

After assembly of the condensed element mass and stiffness matrices, the 

undamped free vibration equations follow as 

(2) 
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in which W(j) = circular natural frequency; [i(j)], [M(j)] = reduced global 

stiffness and mass matrices, and fo(j)} = global vector of nodal displace-

ments. 

The solution to Eq. 2 is accomplished using the EASI method as 

7 presented by Gupta The validity of the basic formulation was verified 

by comparisons of the free vibration response with several numerical and 

experimental studies found in the literature. The studies include shells of 

conical, cylindrical, hemispherical and hyperboloidal geometries with various 

idealized boundary conditions. In all cases very good results were obtained 

4 
with comparatively few elements using cubic displacement polynomials 

An equivalent discrete elastic support element which is compatible with 

the rotational shell element is derived in Ref. 8. For this element, the 

axial and bending stiffness properties of the closely spaced columns are 

expressed in terms of the shell coordinates and then assumed to be uniformly 

distributed around the circumference. The elastic support element is then 

combined with regular shell elements to model the hyperboloidal geometry for 

the vibration analysis. Upon the completion of the dynamic analysis, the 

stress free condition between columns is enforced with a self-equilibrated 

d I d · 9,10 e ge oa long The ring beam which is generally present as a transition 

between the columns and the shell proper, as shown in Fig. 1, is modeled 

using tapered rotational shell elements. 

The earthquake excitation is assumed to be represented by uniform ground 

motion. Only the j = 0 harmonic and the j = 1 harmonic, for vertical and 

horizontal motion respectively, participate for linear elastic behavior. 

It is convenient to separate {o(j)} into 

== + (3) 
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in which 

[y(j)} = shell displacements due to uniform ground motion 

(x(j)} shell displacements relative to ground motion 

and the subscripts A and B refer to coordinates above and at the base. The 

corresponding. equations of motion, reduced by kinematic condensation and 

partitioned in accordance with Eq. 3, are 

in which 

and 

[c(j)] = reduced viscous damping matrix. 
AA 

In Eq. 5. the first two terms must cancel because they correspond to 

rigid body motion. Further the damping terms are generally small compared 

to the inertial terms and therefore will be neglected. The remaining terms 

may be expressed in terms of the uniform ground acceleration z through a 
g 

(4) 

(5 ) 

transformation between the Cartesian coordinates and the curvilinear coordi-

nates as 

== -

For vertical ground motion, j 0, only displacements u, w and S~ need be 

retained and 

lRiO
) J = L sin CPl, -cos Ch. 0 '" sin 'Pi -cos 'Pi 0 .•. sin 'Pn -cos <i'n 0 J 

l R~O) J = L sin CPn+1 -cos CPn+1 0 J 

(6) 

(7a) 
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For horizontal ground motion, j = 1, all five displacements are present and 

LR~1)J = L-cos e·cos <n. sin e -cos e·sin <n. 0 O ... -cos e·cos <Pi sin e 

-cos e· sin <p. 0 0 .•. -cos e· cos <p sin e -cos e· sin <p 0 0 J 
~ n n 

(7b) 

LR~1)J = L-cos e·cos <Pn+1 sin e -cos e·sin <Pn+i 0 0 J 

In Eq. 7, <Pi indicates the meridional angle at node point i as shown in 

Fig. 2. 

It is assumed that the damping matrix [eli)] is a linear combination of 

the stiffness and mass matrices and that 

(8) 

in which [~(j)] = the mode shape vectors and {~(j)(t)} = the corresponding 

generalized coordinates. Then, the equations uncouple into 

I: ~(j) + 2 A (j) m(j) ';(j) + Ul(j)2 ~(j) 
k=1 k k k k k k 

in which 

p (j) 
_k_ 

~j) 
~ (j) (t) 

g 

circular natural frequency for mode k of 

(9) 

(~j»)l/2 ~j) 
harmonic j (10) 

and 

c(j) 
k ----,-.,..:.:...----,.-.,.- = damping ratio for mode k of h~rmonic j 

2 (JJ~j) ~j) 

~j) = kth term of generalized stiffness = l ip (~) J [iH)] ( ~ (r } 
c (j) '" kth term of generalized damping = L ~ (j) J [C (j)]( ip (j)} 

k k M k 

~j) = kth term of generalized mass = l w (~) J [MH)J{ ~ (12 } 
p~j) = kth term of generalized force= It(~)J(f(j)(t)} 
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The maximum value of the generalized coordinate ~~j)(t) which corres

ponds to the jth circumferential mode and kth longitudinal'mode is given 

byl 

in which 

and 

( ~(j» 
k max 

=: p(j) 
k 

the participation factor for mode k of 

harmonic j 

Svk = the spectral velocity corresponding to w~j) and A~j) 

Then, the maximum relative displacements for each mode are 

The total maximum displacement for harmonic j may be estimated by the 

(11) 

(12) 

absolute sum or the root-Mean-square average of the displacements computed 

using ( ~~j» for each term of vector ~(j)(t) in Eq. 8. 
max 
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NUMERICAL STUDIES 

Free Vibration Analysis 

To assess the effect of base flexibility in the case of a prototype 

tower, free vibration analyses were performed on a simplified model of 

11 
the Trojan tower constructed in the western U.S.A. • This cooling tower 

is about 450 ft. high with a throat diameter of 246 ft. and a base diameter 

of 365 ft. and is significantly larger than those which collapsed at the 

12 
Ferrybridge power sta~ion in England The trend in recent tower con-

struction indicates that similar or even larger towers will probably be 

built in the future. 

Three different base conditions were considered in the analysis: (1) 

fixed base without rin~ beam; (2) flexible base without ring beam; and, 

(3) flexible base with ring beam. Some selected results for frequencies 

and mode shapes corresponding to different base conditions are given in 

Table 1 and Figure 4. It is seen that the base flexibility can have a 

significant effect on the results and therefore should be taken into con-

sideration in the analysis. Generally speaking, the flexible base will 

reduce the natural frequencies and increase the displacements near the 

base. The ring beam, however, is observed to have comparatively little 

influence on either the frequencies or the mode shapes. This is further 

verified from a further analysis, Case 4, in which the thickness of the 

ring beam and the depth of the columns were increased nearly 1.7 times. 

The resulting natural frequencies shown in Table 1 and the mode shapes 

vary little from those of the previous case. Since, in the second 

analysis, the tangential stiffnesses of the columns were nearly the same 

as before while the bending stiffnesses in the normal direction were 

increased by three times, it is evident that the bending stiffness of the 



996 

columns has relatively little effect on the frequencies of the tower. 

Displacements 

A spectrum analysis for a horizontal earthquake (j=l) was performed 

on the first two cases previously described, fixed base and flexible base 

without ring beams. The design spectrum used is based on a .12g base 

acceleration and 4% damping. This spectrum was specified for the actual 

. f . 1 13 
des~gn 0 a representat~ve arge tower 

In Table 2, the generalized coordinates are computed for the first 

three modes (k=1,2,3) of the j=l harmonic following Eq. 11. Figures 5-7 

show both the absolute and root-mean-square combinations of the three modal 

responses. Again, the significance of the base flexibility on the dynamic 

displacements is evident. 

Stresses 

For the computation of. stress resultants and couples, the kinematic 

relationships and constitutive law are incorporated and applied within the 

dynamic analysis. The vector of shell displacements for mode k of harmonic 

j, as given by Equation 12, consists of a discrete set of deflections and 

rotations at each nodal circle of the shell. For the computation of strains 

and changes in curvature, it is required to differentiate the displacements 

with respect to the spatial variables; the absence of internodal values pre

cludes an accurate determination of these derivatives from [xi~)}max alone. 

This is especially acute for the high-precision models under consideration 

here since the elements are relatively large and the nodes rather sparsely 

spaced so as to achieve the realized efficiency. 

To obtain accurate values for the derivatives of the displacements, 

the comparison functions originally employed to represent the dependent 



variables in the Ritz method solution of the variational problem should 

be used. The form of these polynomials is given elsewhere4 ; it is suffi-

cient here to note that they contain excess coefficients over the basic 

number required to enforce the minimum CO continuity at the nodes. To 

reduce the degrees-of-freedom in the eigenvalue problem and thereby 

997 

achieve efficiency, these coefficients were eliminated by kinematic conden-

sation. Therefore, following the eigenvalue solution of the reduced problem, 

the eliminated coefficients are recovered and back-substituted into the 

polynomials to provide continuous displacement functions which can subse-

4 quently be differentiated accurately Again, the kinematic and constitutive 

relationships are applied to the displacements on an individual mode basis 

and the final results obtained by an appropriate combination. 

The column-supported-base boundary condition is modeled in two distinct 

stages. First, the properties of the column system are taken as uniformly 

distributed around the circumference in the dynamic analysis. The resulting 

stress resultants and couples are compared to corresponding values from a 

fixed base condition. These base conditions are designated continuous-

flexible and continuous-fixed, respectively. Secondly, the discontinuous 

application of the individual column reactions is approximately accounted 

for by an additional static correction to the results from the continuous 

8 9 10 base dynamic analyses " • These corrected results are called the 

discrete-flexible and discrete-fixed conditions. 

In Figures 8-11, selected results from both RMS and ABS combinations 

for the first three modes (k=1,2,3) of the j=l harmonic are shown. The 

meridional stress resultant N • shown in Figure 8, is about the same near 
~ 

the base for the continuous-fixed and continuous-flexible conditions with 

the RMS combination. On the other hand, the difference between the ABS 
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flexible and fixed base values is greater. Large differences between both 

the RMS and ABS comparisons of the fixed and flexible base results for N
S

' 

the circumferential stress resultant, are evident from Figure 9. The 

influence of the flexible base on the meridional and circumferential stress 

couples, M~ and ~, respectively, is shown on Figures 10 and 11 and is 

particularly pronounced in the circumferential direction. 

The discontinuous contact between the columns and the shell along the 

base is accounted for by the previously mentioned statical correction to the 

stress resultants and couples. It should be noted in this regard that a 

ring beam or transition section is generally provided to facilitate the dis-

tribution of the column reactions into the shell. The significant influence 

of this detail on the dynamic response of the shell has been discussed 

earlier. For the subsequent static correction which is being considered at 

present, the effect of the ring beam on the magnitude and distribution of 

8 the stress resultants and couples is not pronounced The thickened section, 

however, increases the capacity of the shell to resist the amplified forces 

and moments produced by the discontinuity and is therefore quite effective. 

The comparative results from the discrete as opposed to the continuous 

base condition are conveniently shown by amplification factors, AF. For 

example, 

(Nw)discrete-flexible 

(N~)continuous-flexible 

TI1ese factors are shown for RMS combinations of k=l and k=2 results for 

(13) 

selected stress resultants and couples on Figures 12 and 13. Generally, the 

amplification factors for a given resultant or couple are much larger than 

the difference between the continuous-flexible and fixed base results. 

Along with the increased magnitude indicated by the rather large amplifica-

tion factors, the extent of the penetration of the amplification into the 
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shell is quite important for design. For the example under consideration, 

the penetration of the amplified stress couples is particularly significant. 

CONCLUSION 

A dynamic analysis on a representative hyperbolic cooling tower shell 

using a high-precision curved rotational shell finite element indicates that 

the inclusion of the flexibility of the supporting columns significantly 

reduces the natural frequencies and increases the displacements. The effects 

of accurately representing the ring beam properties and the column bending 

fleXibility appears minor as compared to the inclusion of the axial flexi

bility of the columns in the model. The incorporation of the flexible, 

discrete base model into the seismic analysis produces significantly different 

stress magnitudes and distributions as compared to an idealized fixed, con

tinuous base condition. This emphasizes the desirability of realistically 

modeli.lg the base region of such shells in a dynamic analysis. 
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TABLE 1 NATURAL FREQUENCIES (Hz) for j == 1 

Case Base Condition Mode '\ Mode 2 

Fixed (no ring beam) 2.71 5.75 

2 Flexible (no ring beam) 2.30 3.89 

3 Flexible (ring beam) 2.33 3.83 

4 Flexible (thicker ring beam) 2.35 3.75 

TABLE 2 RESULTS OF RESPONSE SPECTRUM ANALYSIS 

Fixed Base Flexible Balle 

(1 ) (1 ) 

Mode 
(1 ) Pk sin/sec 11 (1) (1 ) Pk S ;'n/sec T\ (1) wk (T) vk k wk ~ vk k wk wk 

1 2.7087 0.0909 4.629 0.4207 2.2966 0.1078 5.092 0.5488 

Z 5.7513 0.0219 2.432 0.0532 3.8892 0.026 3.609 0.0921 

3 9.1177 0.0126 1.237 0.0155 7.7279 0.0035 1.528 0.0013 
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A methodology is described for incorporating into seismic risk anal
ysis statistical uncertainties in the rate of earthquake occurrences, the 
maximum epicentral intensity, and the division of the study region into 
seismotectonic provinces. Using this methodology, a seismic risk anal
ysis is performed for a chain of sites on the east coast of the United 
States between Florida and Maine. The Modified Mercalli intensity asso
ciated with an annual risk of 10- 4 is found to be between VIII and IX for 
the sites considered. This result holds for a wide variety of hypoth
esized seismotectonic provinces. Also, at any given site the calculated 
intensity is not sensitive to the seismotectonic provinces adopted for 
the analysis. Further conclusions are that the available earthquake 
history is adequate to estimate accurately the recurrence rate of events 
but not the maximum possible epicentral intensity in typical seismotec
tonic provinces. Thus statistical uncertainty in the recurrence rate has 
a minor effect on design intensities, but uncertainty in the upper bound 
intensity of provinces must be accounted for explicitly. At Modified 
lvlercalli intensity levels of interest, annual risks at a site change by 
approximately a factor of 6 for a change of one unit in intensity level. 
Thus the Modified Mercalli intensities associated with annual risks of 
10- 6 are between X and XII for the sites considered. 

Introduction 

The incorporation of parameter uncertainties into seismic risk anal
ysis procedures has been proposed and illustrated by several authors 
(Esteva, 1969; Veneziano, 1975). Parameter uncertainties are especially 
important in areas of low seismicity when design intensities associated 
with high reliability (low probability of being equaled or exceeded) are 
sought. To date no comprehensive study of seismic risk for many sites 
along the east coast of the United States has been reported which incor
porates uncertainties in seismic source area hypothesis, activity rate, 
and maximum energy release. Such a study is the purpose of the research 
reported here. 

Preceding page blank 
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Throughout this study, Modified Mercalli (M.M.) intensity is used as 
the measure of ground shaking and of earthquake size. M.M. intensity is 
taken to be a continuous, rather than a discrete, random variable; results 
for the discrete variable are easily drawn from those of the continuous 
variable. Conclusions regarding the effect of parameter uncertainties on 
design ground motions are not affected by the use of M.M. intensity in the 
risk analysis. 

Data for the study consisted of a catalog of 467 events occurring be
tween 1534 and 1974 in the United States and Canada east of longitude 
95°W, for which epicentral M.M. intensities between V and XII had been 
assigned. This catalog was obtained by removing obvious aftershocks from 
a larger data set. The data are plotted on a map of the Eastern United 
States in figure 1; at locations where several epicenters are listed, only 
the largest M.M. intensity has been plotted. 

Parameters for Risk Analysis 

Several parameters are required for seismic risk analysis at a site. 
These are the specification of seismic source areas or seismotectonic 
provinces within which the earthquake occurrence process may be treated 
as spatially and temporally homogeneous, the mean rate of occurrence of 
events in each source area, the relative distribution of earthquakes of 
different sizes, the largest event possible (largest epicentral intensity) 
in each area, and the attenuation function describing the transmission of 
motion from source to site. 

In this analysis the distribution of epicentral intensities is taken 
to be exponential, below some limiting intensity (to be discussed). This 
distribution has been used by several authors (Chinnery and Rogers, 1973; 
Cornell and Merz, 1975), and is consistent with a linear log number versus 
magnitude relation (Richter, 1958) and a linear relation between magnitude 
and epicentral intensity (Gutenberg and Richter, 1956). The b value de
scribing the ,slope of the log number versus epicentral intensity relation 
was estimated using the entire earthquake catalog by plotting the annual 
rate of earthquakes observed at each intensity level versus intensity, on 
semi-logarithmic paper. The length of time used for calculating the rate 
of each intensity level was taken to be the length of time over which 
reporting of that level was thought to be complete. The value obtained 
for b was 0.57, identical to that reported by Chinnery and Rogers (1973) 
for New England data. A smaller value for b reported by Cornell and Merz 
(1975) for Eastern Massachusetts events is due at least in part to incom
plete reporting of the lower intensities. This b value of 0.57 was used 
for all seismic source areas in this study. 

Several alternate hypotheses were examined for specification of 
source areas within which the earthquake recurrence process can be con
sidered spatially and temporally homogeneous. The first hypothesis is 
based on the assumption that seismicity within the entire Eastern United 
States is uniformly distributed, i.e. that areas of high or low rate of 
occurrence cannot be distinguished, and that events of M.M. intensity up 
to XII can occur anywhere. The area used to calculate the occurrence rate 
under this hypothesis is shown in figure 1. 
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A second hypothesis for the specification of source areas examined is 
that used in a recent seismic risk study of the United States (Algermissen 
and Perkins, written communication). These source areas were determined 
using historical seism1c1ty and available geologic and tectonic evidence, 
and are shown in figure 2. 

The third hypothesis used to specify source areas was derived from a 
seismotectonic map of the Eastern United States (Hadley and Devine, 1974). 
Again, this seismotectonic map was compiled by interpretation of historic 
seismicity and tectonic data. The source areas used in this study, derived 
from the Hadley and Devine map, are shown in figure 3. Some slight modifi
cations of the areas as originally published by Hadley and Devine were 
required for computer input, such as the use of straight line segments 
rather than curves to define area boundaries. These changes in no way 
affect the results or conclusions reached in this study. 

Under each of the three hypotheses, the earthquake recurrence process 
is assumed to be spatially homogeneous for each source area. The rate of 
occurrence and maximum epicentral M.M. intensity are determined from the 
historical events which have been observed within the source area. 

The occurrence-rate of events with epicentral M.M. intensity greater 
than or equal to V, and the maximum intensity possible, were treated as 
random variables. Earthquakes were assumed to occur as Poisson arrivals; 
this process has been found to describe adequately the occurrence of large 
events when aftershocks are disregarded (Lomnitz, 1966, 1973; Gardner and 
Knopoff, 1974). With the further assumption that sizes of successive 
events are independent, and with the exponential distribution on epicentral 
M.M. intensity I , the joint likelihood function of the mean rate of occur
rence v of inten~ities io or greater and the maximum epicentral M.M. inten
sity I , given observations of intensity iI, i 2, ... in in time T, is 
(Raif~ and Schlaifer, 1961; Benjamin and Cornell, 1970) 

L(v, I IiI, i 2 , ••• i in T)=P[il, i 2 , ••• 1 1n Tlv, I ] m n n m 

=P[n in Tlv] ... i I I ] n m 

an (n.Sio-S·~l i o
) 

~ exp J= J 

(l-exp(-S(I -io)))n 
m 

(1) 

where S=b In 10, io is the lower bound intensity, here taken (as a contin
uous variable) equal to 5.0, and 1m : iI, i 2 , ••• i

n
. 

From the form of equation (1), it is apparent that, given the n obser
vations in time T, v and 1m are independent. Thus the joint likelihood 
function for v and I is the product of the individual likelihood func
tions which may be c~nsidered separately. 

From the likelihood function for v it is possible to determine the effect 
of statistical uncertainty in this parameter on the risk calculated at a site 
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for a chosen intensity level. The uensity function for v is obtained by 
normalizing the likelihood function so that the integral over v from 0 to 
00 unity. This gives 

(2) 

Let Gl(i ) be the complementary-cumulative probability for intensity i at 
a site ffom a single event of random intensity and location in a sourc§ 
area. Under the Poisson process assumption, if v is known exactly, the 
complementary-cumulative distribution of the maximum site intensity in 
time t is (Benjamin and Cornell, 1970) 

G (i )=l-exp (-vtG l (i )) 
max s s 

(3) 

Uncertainty in the rate v can be accounted for by multiplying the right 
side of equation (3) by the density function on v and integrating over all 
values, yielding 

(4) 

For the values of n, T, t, and Gl of interest in this study it is easily 
shown that the ratio of risk given by equation (4) to that given by (3) 
is approximately l+l/n. The term lin thus indicates the increase in risk 
due to uncertainty in the rate of occurrence of events. For n as small 
as 5, there is only a 20% increase in the calculated risk using equation 
(4) rather than (3). As shall be shown, an increase of 20% in risk re
sults in a very small change in the design intensity associated with that 
risk. From this point of view there certainly have been enough earth
quakes recorded in the Eastern United States to define rates of occur
rence in seismotectonic provinces, for the purposes of calculating design 
intensities through risk analysis. 

For the practical case when the catalog is considered complete for 
varying lengths of time for different intensity levels, a similar analysis 
is straightforward. Equation (4) may be used to account for statistical 
variability in v, replacing n by nl+n2+n3+'" and 1 by Tl+P2T2+P313+' .. , 
where nl is the number of events in time 11 during which the lowest inten
sity level is considered complete, n? is the number of events during the 
previous time 12 during which thE. . /'" !ligher iJI'::eJ1::;': is considered 
complete, and P2 is the probability of observing an ",vent of.the second 
intensity level or greater given that an event occurs, and so on. The 
effect of accounting for statistical variation in v thus is plainly not 
sensltlve to the length of time during which the upper intensity levels 
are assumed complete. 

From the likelihood function for maximum epicentral intensity I , the 
m 

degree to which I is accurately determined by historical events may be 
examined. From e~uation (1), the likelihood function for I is: 

m 
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where, again, I ? iI, i 2 , ••• i . Corresponding results are easily deri
vable when the ~arious intensit~es are complete for different time peri
ods. Assuming that the largest event possible is associated with M.M. 
intensity XII, the value of the likelihood function at this largest in
tensity is very close to unity. For any given source area and associated 
historic seismicity, the value of L(I lil' ... i in T) evaluated at I 
equal to the maximum observed intensi~y indicate~ the likelihood (rela~ive 
to i~tensity XII) that the maximum observed intensity is in fact the maxi
mum intensity possible in that source area. 

Values for L(I lil' ... i in T) were calculated at the maximum ob
served intensity fo~ the sourge areas studied here (as described above). 
The majority of values obtained were less than 1.50; in general the values 
were less than 2.0. (Some values greater than 2.0 were obtained for 
Hadley-Devine source areas which were drawn specifically to exclude events 
of M.M. intensity greater than VI.) The conclusion is that, for most 
source areas, the observed maximum M.M. intensity does not have much 
greater likelihood than higher intensities, up to and including intensity 
XII, of being the maximum intensity possible in the region. Although the 
maximum observed intensity is always most likely to be the maximum possi
ble intensity in a source area, the probability that this hypothesis is 
correct is on the order of 0.2 for many source areas. Thus, it is not 
justifiable statistically to take the maximum observed intensity as the 
maximum possible intensity, for all source areas. This, of course, does 
not deny the possibility of excluding larger intensities on geologic or 
tectonic bases . 

. The likelihood function for I , equation (5), could be used to gen
erate a density function with whicW alternate hypotheses for I could be 
weighted to calculate risk at a site. However, when differentmlengths of 
complete records for different intensity levels are accounted for, it is 
found that the actual value of L(I ) (and hence of the density function) 
at the maximum observed intensity Tevel is highly sensitive to the assumed 
completeness of the historic record for the larger intensities. Thus, to 
avoid the subjectivity associated with estimating the length of the com
plete record for the larger intensity levels, it is appropriate to assume 
a uniform distribution on I between the maximum observed intensity and 
XII. This assumption is al~ays conservative, and in most cases is very 
accurate because the largest contribution to the total risk comes from 
(weighted) hypotheses that the maximum intensity is X, XI, or XII; the 
weights used for these hypotheses are not sensitive to the assumed length 
of completeness of the record, when the maximum observed intensity is VII, 
VIII, or IX. The uniform distribution on I is adopted in this study. m 

The attenuation function used here 
reports from the 1886 Charleston, South 
1976). The resulting equation for mean 

was derived from 783 intensity 
Carolina, earthquake (BOllinger, 
site intensity I is: 

5 

I =1 +3.08-1.34 In 6 
s e 

6~ 10 km 
(6) 

I =1 s e 6< 10 km 
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where a is epicentral distance in km and I is epicentral intensity. In 
figure 4, equation (6) is compared to sevefal other attenuation relations 
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FIGURE 4 

Epicentral M.M. intensity minus site M.M. intensity, 
as a function. of epicentral distance; several reported 
relations for the central and eastern U.S., and the 

relation used in this study 

reported for the Central and Eastern United States. For epicentral dis
tances less than 500 km, the slopes of the various equations are approxi
mately the same; equation (6) lies 1 to 1.5 intensity units below the 
other relations because these others were derived using distances to iso
seismals rather than individual intensity reports. Use of the individual 
reports is the appropriate method to predict intensities at a site. From 
examination of residuals about equation (6), it is found that scatter in 
the attenuation relation can be modeled using the normal distribution with 
a standard deviation of 1.19 intensity units. There is no apparent upper 
truncation in the residual distribution, at least up to 3.5 standard devia
tions above the predicted value; in the risk analysis, the distribution 
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-Df residuals is truncated so that site intensities cannot be greater than 
the epicentral intensity. This implies the assumption (which is not crit
ical- that the epicentral intensity is the maximum intensity observed. 

Risk Analysis 

Risk analysis was performed at sites on the east coast to determine 
the annual probability that each of several M.M. intensity levels will be 
equaled or exceeded, using a computer program to perform the calculations 
(McGuire, 1976). The method used is described elsewhere in detail (Cornell, 
1968, 1971; McGuire, 1974). Briefly, the risk associated with a chosen 
intensity level at a site is calculated by summing the risk due to all 
event5 affecting the site, using the attenuation equation (6) to quantify 
the decrease with distance of expected intensity level from source to site. 
The risks corresponding to several intensity levels were examined at each 
site; the sites investigated are shown in figure 1. A separate analysis was 
performed for each of the source area hypotheses shown in figure 1, 2, and 
3. Under each hypothesis, the seismicity was assigned to each area 
according to the events in the catalog within that area. For the areas 
shown in figures 2 and 3, the events which did not lie in any source area 
were treated as "background seismicity;" the observed maximum intensity and 
rate per unit area were obtained from these background events and were used 
to define the seismicity not associated with discrete source areas. 

For each source area and for background seismicity, the activity rate 
and maximum intensity were treated probabilistically, as described above. 
Thus the occurrence of an event with M.M. intensity XII was considered 
possible at all locations, for all source area hypotheses. (For the source 
areas of figures 2 and 3, the probability of occurrence of this event 
varied greatly from one location to another, due to differences in the 
occurrence rate and maximum observed intensity.) 

Results 

Figure 5 shows the annual risks associated with equaling or exceeding 
several levels of intensity, for several sites and the various source area 
hypotheses. (The risk associated with a discrete M.M. intensity level of, 
say, VII, corresponds to the risk shown on the continuous scale of figure 
5 at level 7.0.) The risk versus intensity curve for the source area of 
figure 1 is the same for all sites; this results from the uniform seismi
city assumed throughout the region. 

The curves in figure 5 have approximately the same slope. This is 
expected for this analysis, because the slope is proportional to the b 
value (Veneziano, 1975) and this has been assumed identical for all source 
areas. 

The slope of the curves in figure 5 provides some insight into the 
sensitivity of design intensities to the associated levels of risk. 
Changing the risk by a factor of 2 will change the corresponding design 
intensity by only about 0.4 intensity units. Thus, the effect of statis
tical variation in the occurrence rate for, say, seismicity defined by 
only five observations is to increase the risk by 20% over that computed 
for a rate without accounting for statistical variation; the corresponding 
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FIGURE 5 

Risk versus intensity curves for several sites 
and source area hypotheses 

10 

increase in the design intensity (at whatever risk level is chosen) is 
about 0.1 intensity units. For the source areas examined in this study, 
each area encompassed more than five earthquakes in the catalog. Thus 
statistical uncertainty in the recurrence rate has a very minor effect on 
the design intensity level. Similarly, any other variation of hypothesis 
which changes the calculated risk at a site by 20% will change the corres
ponding design intensity by 0.1 units. 

Figure 6 shows the M.M. intensities associated with a risk of 10- 4 per 
year for the sites shown in figure 1 and for the three source area hypoth
eses of figures 1, 2, and 3. The most striking observation about this com
parison is the closeness of intensities at most sites for the different 
hypotheses used. The range in intensities under the three hypotheses is 
less than 0.35 intensity units for the majority of sites, and in no case 
is it greater than 0.75 units. It is evident from figure 5 that the range 
of intensities at a site will not change for risk levels other than 10- 4 

per year; the curves of figure 6 simply shift up or down for smaller or 
larger risks, respectively. 
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The reason for this closeness in intensities at any given risk level 
is that the various source area hypotheses do not result in large changes 
in seismicity, as this seismicity affects risk analysis. Again, the in
sensitivity of intensity levels to changes in risk is important; changing 
rates of occurrence by a factor of 2 (by using an alternate set of source 
areas) will change risks at any intensity by a factor of 2, but will change 
design intensities (at a given risk level) by only 0.4 intensity units. 
Also, the effect of high occurrence rates (per unit area) in the articul
ated source areas of figures 2 and 3 (as compared to that of the singl~ 
source area in figure 1) is partially offset by accounting for the possi
bility of maximum M.M. intensities less than XII in these articulated 
source areas. 

This insensitivity of design intensity to the source areas used to 
define seismicity must not be considered a conclusion of universal appli
cability for all sites in the Eastern United States. Design intensities 
will usually vary most at a site in a region which is considered highly 
seismic under one hypothesis and aseismic under another. In such cases, 
it is always possible to assign subjective probabilities to each hypothesis 
(e.g. Cornell and Merz, 1975) and to weigh the conditional risks to obtain 
the total risk at various intensity levels. This procedure will always give 
a design intensity which lies within the range of the intensities indicated 
by the individual hypotheses. 

The advantage, however, of using risk analysis is that, for many sites, 
design intensities produced by the method are not sensitive to the exact 
geometry of the source areas used to define seismicity. The Algermissen
Perkins source areas of figure 2 were derived independently from those of 
Hadley and Devine (figure 3), and the two sets of areas look quite differ
ent. Yet the site design intensities (associated with a chosen risk level) 
for each interpretation of seismic history and geology are virtually identi
cal (except at Charleston where the difference is one-half intensity unit). 
Even the comparison between these discrete source areas and the single 
source area of figure 1 shows little difference in design intensities. 
Thus, arguments concerning which source area hypothesis best represents 
the "correct" set of seismotectonic provinces can be avoided for most sites, 
as the precise choice of source area geometry does not greatly affect design 
intensities for a given risk level. 

A further advantage of the statistical treatment of upper bound inten
sity is that the intensity associated with a chosen risk level at a site is 
insensitive to the maximum intensity observed in the hypothesized source 
areas. For the sites examined here, and for the source areas of figures 2 
and 3, altering the maximum observed intensity in each source area by one 
intensity unit would change the intensity associated with an annual risk of 
10- 4 by approximately 0.1 intensity unit. Thus, arguments about the precise 
intensity of some historical earthquake which was the largest observed event 
in a zone would have minor importance, since the design intensity would not 
be sensitive to this largest value. In contrast, under the deterministic 
procedure of designing for the largest observed intensity, changing this 
intensity by one unit will change the design intensity by one unit. 
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Conclusions 

The primary conclusion from this study is that, using a risk anal
ysis procedure which accounts for uncertainty in activity rates and 
maximum possible intensities of seismic source areas, the M.M. intensity 
associated with a chosen level of risk at many sites on the east coast 
of the U.S. is not sensitive to the source areas used to represent seis
micity. This allows many alternate methods to be used to combine 
geology, tectonics, and seismic history to draw source areas, without 
greatly affecting design intensities at many sites. For other sites in 
the Eastern Unit~d States, the geometry of source areas may be critical; 
this needs further investigation. 

From this study, it is evident that as few as five or ten earthquake 
observations are adequate to define the occurrence rate in an area, for 
the purpose of deriving risk-associated design intensities. The seismic 
history of the Eastern United States is not, however, adequate to define 
accurately the.maximum possible intensity in chosen source areas. In 
the absence of geologic or tectonic evidence which would limit the size 
of events in the area, it is logical and conservative to assume a uniform 
distribution on the maximum possible M.M. intensity, between the maximum 
observed value and XII. 

This analysis places In perspective many of the objections to using 
probabilistic analysis to determine seismic design levels. In general 
there is sufficient information, in terms of seismic history and geology, 
to produce seismic design values at very small levels of risk, given the 
present understanding of the physical processes governing earthquake 
occurrences in the Eastern United States. Furthermore the results ob
tained here provide a means of evaluating the conservativeness and con
sistency (in terms of risk) of deterministic analyses which assume that 
the maximum epicentral intensity possible in an area is the maximum in
tensity which has been observed in recorded history. 
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This paper presents a brief review of a portion of the experimental 
results obtained in the Structures Laboratory at California State Univer
sity, Long Beach. The results deal with the behavior of epoxy repaired 
structural masonry elements subjected to static and dynamic (seismic) 
load conditions. The conclusions show that damaged concrete masonry 
structural elements properly repaired with various epoxy adhesive materi
als are essentially restored to the strength levels which existed prior to 
sustained damage. Furthermore, several aspects concerning epoxy repair 
procedures are discussed in relation to their effects on the strength of 
the repaired structural elements. Lastly, presented in the follOWing 
text are experimental results demonstrating the behavior and strength 
properties of epoxy repaired structural masonry elements. 

* Research sponsored in part by the National Science Foundation under 
Contract ENG 75-11292. 
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INTRODUCTION 

The use of epoxy materials for repair of structures was introduced be
fore 1960 (1). However, extensive structural repair in California util
izing epoxy materials did not occur until after the 1971 San Fernando 
Earthquake. This earthquake damaged a considerable number of concrete and 
concrete masonry structures in the Los Angeles area. Many of these 
damaged structures have been or are presently being repaired with epoxy 
compounds (2). The current research project briefly described herein 
has concentrated on two specific types of epoxy materials widely used 
for structural repair in California. 

Epoxy materials represent a wide range of chemical polymers that may 
be mixed with various organic or inorganic additives, the resulting 
materials providing extremely diverse physical properties (1,3,4,5,6). 
A particular group of epoxy adhesive systems with compressive strengths 
of approximately 3 to 8 times that of concrete have been developed for 
structural repair purposes (4). Aside from ultimate strength, the vis
cosity of the epoxy adhesive is of particular importance in the repair 
process. Therefore, two commonly used high and low viscosity epoxy ad
hesives are discussed in this report.* 

The low viscosity epoxy material designated as Delta Plastics' 
LV 17-9044 general purpose ep~xy adhesive p02sesses compressive and ten
sile strengths of 1,200 kg/cm and 700 kg/em respectivelz at 20° C. The 
viscosity of this adhesive is approximately 450 cps at 20 C (4). As for 
most epoxies, these and other physical properties are significantly af
fected by the ambient temperature conditions. The high viscosity epoxy 
material designated as Delta Plastics' TM 15-7018 epoxy adhesive system for 
structural bonding applications has approximately the same compressive and 
tensile strengths as the LV material but with approximate viscosity of 

o 
15,000 cps at 20 C. 

The unique advantages of structural epoxy repair techniques include 
(a) minimum total repair costs on some projects, (b) minimum loss of 
utilization time of the damaged structure, (c) minimum or no change in 
architectural and aesthetic features of structures, and (d) restoration to 
the original design strength of a properly epoxy repaired structure. The 
primary disadvantages of epoxy repair techniques include (a) sensitivity 
of epoxy adhesives to temperature and (b) lack of knowledge concerning the 
behavior of epoxy repaired structures subject to seismic loading and ad
verse environmental conditions. 

INJECTION OF EPOXY ADHESIVES 

Epoxy injection techniques for structural repair may be divided into 
two categories based on m~xlng procedure. The first technique involves 
pre-mixing the epoxy resin and hardener in a container followed by injec-

* All epoxy adhesives described in this report were provided by Delta 
Plastics Company, Visalia, California. 
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tion using a common caulking gun or a specially fitted pressure pot sim
ilar to those used in spray painting. The second technique includes a 
pumping system required to generate sufficient injection pressure for 
full penetration and a continuous mixing unit where the epoxy resin and 
hardener are combined, mixed and immediately injected. Ref. 8 provides 
an excellent discussion on this latter injection technique. 

Both of the above injection techniques are employed in this research 
project. The epoxy resin and hardener must be mixed according to prede
termined volume or weight ratio in order to assure complete curing. Such 
designed mixing ratios can be achieved readily in the pre-mixing injection 
technique; however, considerable care and experienced work crews appear to 
be essential in the continuous mixing injection technique. Pre-mixing 
techniques are more time-consuming than continuous mixing techniques. 
References 1 and 2 provide additional discussion on practical aspects 
concerning injection of epoxy adhesives into structures. 

Verification of full penetration of epoxy adhesives into cracks is 
presently accomplished by standard core sampling methods. Core samples 
are, at best, a statistical verification rather than an assurance of full 
penetration and complete curing. All specimens repaired with LV epoxy in 
this research project are checked for void formations and curing utilizing 
high intensity light source since the LV epoxy is nearly transluscent. 
This method is highly efficient and practical for laboratory purposes but 
not useful for crack formations normally found in structures. Therefore, 
x-ray techniques are presently being investigated. X-ray techniques 
have been attempted on the repair of the 26-story Los Angeles City Hall 
structure with good technical results; however, the economics of this 
method are often discouraging (4). Moreover, x-ray techniques may fail 
to detect uncured epoxy regions. 

SPECIMEN DESIGN AND BOND, SHEAR 
AND TENSILE STRENGTH RESULTS 

To investigate the static and dynamic strength properties of epoxy 
repaired concrete masonry structures, a series of experimental tests 
have been devised. The tests involve small scale specimens consisting of 
individual components within the masonry wall matrix including block, 
mortar and grout. Figures 1,2, and 3 provide schematic diagrams of the 
three masonry wall components experimentally investigated in this research 
program. 
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Fig. 1 Epoxy Repaired Block Specimens 
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.t<.:poxy Grout 
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Fig. 3 Epoxy Repaired Grout Specimens 

The epoxy injected cracks were created in most specimens by a rotary 
carbide saw. The sawed surfaces were thoroughly washed in water and sub
jected to high air pressures in order to dislodge all loose material. 
This procedure produced crack surfaces very similar to the irregular crack 
surfaces encountered in damaged structures. With sound irregular crack 
surfaces, epoxy bond strength was sufficient for nearly all specimens in
cluding direct shear tests. The tensile strength of the epoxy materials 
described earlier was much greater than the tensile strength of such 
structural materials as block, mortar, grout, and concrete. Therefore, 
the tensile strength of properly epoxy repaired specimens was determined 
by the tensile strength of the structural material for both static and 
dynamic load conditions. 

Direct shear loading tests illustrated in Figures 1,2, and 3 like
wise demonstrate that the direct shear strength of properly epoxy repaired 
concrete masonry structures is determined by the shear strength of the 
structural material. Ref. 9 provides a complete summary of all test pro
cedures and experimental results. The compressive strength results will 
be discussed later in this paper. 

CURING OF EPOXY ADHESIVES 

All specimens were constructed, stored, and tested under normal 
laboratory conditions. Mortar and grout specimens were tested approx
imately 90 days after casting. All experimental tests on the epoxy 
repaired specimens were performed at least seven days after epoxy in
jection. Care during epoxy injection and specimen construction was ex
ercised in order to simulate as closely as possible the actual field con
ditions. 
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As noted earlier, proper and complete curing of epoxy resin and hard
ener is achieved only if the volume or weight ratio of these two com
ponents is maintained according to specified limits. Therefore, several 
possible conditions causing deviation in specified limits are here dis
cussed. First, mixing according to specified ratios is of extreme impor
tance. For the pre-mixing injection technique only carelessness can re
sult in erroneous ratios. However, the continuous injection technique 
requires diligent and experienced crews in order to insure proper ratios. 
Second, the low viscosity epoxy adhesive may experience minor segregation 
of either the epoxy resin or hardener. For example, the density of the 
low viscosity epoxy hardener is approximately 12% less than that of the 
epoxy resin. After mixing the amber colored hardener with the colorless 
epoxy resin, slight segregation is observed. These two factors may ex
plain why nearly 7% of all low viscosity epoxy repaired specimens con
tained uncured areas ranging from negligible percentage to approximately 
8% of the total crack area. Such uncured regions reduce effective stress 
area and create stress concentrations resulting in reduced strength 
capacities of up to 15%. 

Additional stress concentrations and reduced effective stress areas 
may also be created by absorption of epoxy adhesive into the structural 
material resulting in appreciable void formations. Such void formations 
were never observed for high viscosity epoxy adhesives but were observed 
in approximately 6% of all specimens injected with low viscosity material. 
The highly viscous material was not readily absorbed into the cracked 
surfaces; hence, void formations were not likely to occur after injection 
was completed. For low viscosity epoxy adhesive, absorption to depths 
of up to 5 rom were observed. Since the absorption process continued 
after injection was completed, void formations most likely occurred. 
Additional void formations resulted from trapped or disolved air bubbles, 
although the structural significance of such minute air bubbles appeared 
to be negligible. 

The above paragraphs indicate the importance of choosing appropri
ate epoxy adhesives for specific applications. Possible occurrance of 
reduced effective stress areas and stress concentrations should be con
sidered when selecting epoxy adhesives. The optimum viscosity for struc
tural repair is a function of many variables including crack size, rela
tive difference in temperature between epoxy and structural materials, 
speed of injection, and injection pressures (8,9). Other physical prop
erties such as wetting capabilities, surface tension, pot life and 
reactivity to damp surfaces must also be considered when selecting epoxy 
adhesives for specific applications. These latter properties are usually 
supplied by the epoxy manufacturer (4,5). 

SI}IDLATED SEISMIC LOAD PATTERNS 

Due to the vast difference in physical properties of epoxy repaired 
concrete masonry or concrete structures, considerable care must be 
exercised in selecting experimental load patterns for simulation of the 
seismic response of epoxy repaired structures. Sinusoidal function with 
frequencies ranging from 2 to 5 hertz are rather common in laboratory ex
periments (10). However, the simulation of the almost random variation of 
the amplitudes in the response spectra is a subject of considerable 
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debate, especially where epoxy materials are also present. 

Based on the fracture and impact properties of plas'tics and epoxy ad
hesives, a linearly increasing sinusoidal amplitude for applied experimen
tal loads was chose~ as shown in Fig. 4. Initial stress, 

or = 105.5 kg/em was applied to all compression tests described in 
Figu~es 1, 2, and 3. This value was selected for the purpose of producing 
compression failure in all experimental tests between the sixth and twelfth 
stress cycles. 

SLress 
6th cycle 

12th cycle 

I 

Time 

Fig. 4 Dynamic Load Pattern (3 hertz) 

FRACTURE AND IMPACT PROPERTIES 

Impact properties (Izod test) of epoxy materials at 20
0 

C vary from 
belm, 0.020 kg-m/ cm for rigid epoxy adhesives to above 1. 10 l~g-mlcm for 
flexible epoxy sealing materials (3,4,11). Fracture studies on structural 
epoxies apparently are not available; however, extensive fracture studies 
have been performed on many common polymers such as polynethylmethacrylate 
CPlr-fA) and polystyrene 01,12,13,14). These studies shmv that for most 
strain rates little or no, correlation is possible between impact and frac
ture properties of polymers. Since epoxy adhesives are considered as 
polymers, it is logical to assume that fracture properties such as crack 
behavior cannot be derived from iRpact test results. Additional research 
is essential before such conclusions can be experimentally substantiated. 

For the low viscosity epoxy materials described earlier, the listed 
Izod impact test value is 0.022 k3-m/cm (4). Observations of epoxy frac
tured surfaces also show characteristics of brittle behavior. rltimate 
fracture stress for no pre-crazed dumb-bell c2ystal polystyrene test 
specimens at 25 0 C is approximately 640 kg/em (15). Such fracture stress 
values are not available for epoxy materials described herein. However, 
in comparing physical properties of crystal polystyrene (Izod i~pact 
strength of about 0.027 kg-m/cm at 20

0 C) with the epoxy materials, the 
probable ultimate fracture strength of epoxy materials described ierein is 
greater than the ultimate tensile strengtl~ of concrete (6 ~ to 
7 ~ ) or concrete masonry. This conclusion is substantiated by ex
perimental results since fracture was never initiated in the epoxy m~terial 
where bondin6 problems were not encountered (9). Once initiaterl, fracture 
usually propagates across :he epoxy repaired crack. 
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COMPRESSIO~ TEST RESULTS 

Tables 1, 2, and 3 provide a summary of partial compression test re
sults conducted on epoxy repaired masonry components. Approximately 120 
compression tests described in Figs. 1, 2, and 3 were conducted under 
static and dynami"c test conditions. Slight debonding occurred in only two 
specimens. Uncured epoxy material and void formations due to absorption 
were important factors in reduction of ultimate strength capacities. Ex
tensive care ,.,ras excercised to assure full penetration of the epoxy 
material. 

TABLE I 

Compression Block Rib Test Results 

Specimen 
Number 

B1* 
B2 
B3 
B4 
B5 
B6 
B8 
B9 
B10 
Bll 
B12 
B13 
B14 
B15 
B16 
B17 
B18 
B19 
B20 
B21 
B22 
B23 
B24 
B25 
B26 
B27 
B28 
B30 
B31 
B32 
B33 
B34 
B35 
B36 
B37 

Crack Angle 
(Degrees) 

Epoxy 
Type 

90 TM 
90 TM 
90 LV 
90 LV 
90 TM 
90 TM 
90 LV 
90 TM 
90 TM 
90 LV 
90 LV 
75 TM 
75 TM 
75 LV 
75 LV 
75 TM 
75 TM 
75 LV 
75 LV 
75 TM 
75 TM 
75 LV 
75 LV 
60 TM 
60 TM 
60 LV 
60 LV 
60 TM 
60 LV 
60 LV 
60 TH 
60 TM 
60 LV 
60 LV 
90 TM 

* The letter B denotes 

Crack 
Width (cm) 

.25 

.25 

.25 

.25 

.05 

.05 

.05 

.25 

.25 

.25 

.25 

.25 

.25 

.25 

.25 

.05 

.05 

.05 

.05 

.25 

.25 

.25 

.25 

.25 

.25 

.25 

.25 

.05 

.05 

.05 

.25 

.25 

.25 

.25 

.25 
block rib 

Test 
Condition 

Static 
Static 
Static 
Static 
Dynamic 
Dynamic 
Dynamic 
Dynamic 
Dynamic 
Dynamic 
Dynamic 
Static 
Static 
Static 
Static 
Dynamic 
Dynamic 
Dynamic 
Dynamic 
Dynamic 
Dynamic 
Static 
Dynamic 
Static 
Static 
Static 
Static 
Dynamic 
Dynamic 
Dynamic 
Dynamic 
Dynamic 
Dynamic 
Dynamic 
Dynamic 

specimens. 

Max. Applie2 
Stress(kg/cm ) 

184.63 
167.13 
182.31 
153.06 
236.24 
238.35 
237.79 
234.84 
198.27 
273.65 
249.39 
216.55 
212.34 
229.28 
186.88 
188.43 
242.43 
247.28 
251.43 
247.28 
251.43 
205.66 
260.50 
180.70 
196.87 
171. 06 
167.97 
185.62 
260.15 
279.76 
281.80 
252.83 
251.08 
250.23 
256.77 
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TABLE 2 

Compression Grout Test Results 

Specimen Crack Angle Epoxy Crack Test Max. Applie2 
Number (Degrees) Type Width(cm) Condition Stress(kg/cm ) 

Gl* 90 TM .25 Static 150.25 
G2 90 TM .25 Static 147.65 
G3 90 LV .25 Dynamic 162.06 
G4 90 LV .25 Static 128.67 
G5 90 TM .05 Dynamic 1('2.l3 
G6 90 TM .05 Dynamic 222.18 
G7 90 LV .05 Dynamic 222.18 
G9 90 TM .25 Dynamic 174.37 
G.l0 90 1M .25 Dynamic 222.74 
Gll 90 LV .25 Dynamic 223.59 
G12 90 LV .25 Dynamic 234.13 
G13 75 TM .25 Static 163.82 
G14 75 TM .25 Static 163.82 
GIS 75 LV .25 Static 162.77 
G16 75 LV .25 Static 246.09 
G17 75 TM .05 Dynamic 223.23 
GIS 75 TM .05 Dynamic 174.72 
G19 75 LV .05 Dynamic Hi2.56 
G20 75 LV .05 Dynam:'_c 223.30 
G21 75 TM .25 Dy!"_amic 161.71 
G22 75 TM .25 Static 246.09 
G23 75 LV .25 Dynamic 221. 69 
G24 75 LV .25 Dynamic 198.98 
G25 60 1M .25 Static 256.56 
G26 60 TM .25 Static 227.80 
G29 60 TM .05 Dynamic 186.18 
G30 60 TM .05 Dynamic 221. 48 
G31 60 LV .05 Dynamic 232.02 
G32 60 LV .05 Dynamic 233.99 
G33 60 TM .25 Dynamic 186.32 
G34 60 TM .25 Dynamic 196.45 
G35 60 LV .25 Static 201. 37 
G36 60 LV .25 Dynamic 198.98 

* The letter G denotes grout specimens. 
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TABLE 3 

Compression Block Joint Test Results 

Specimen 
Number 

Jl* 
J2 
J3 
J4 
J7 
JI0 
J11 
J12 
J14 
J15 
J16 
J17 
J18 
J19 
J20 
J21 
J24 
J27 
J28 
J29 
J31 
J32 
J33 
J34 
J35 
J36 
J37 
J38 
J48 
J50 
J51 
J63 

Crack Angle 
(Degrees) 

90 
90 
90 
90 
90 
90 
90 
90 
90 
90 
90 
90 
75 
75 
75 
75 
75 
75 
75 
75 
75 
75 
75 
75 
60 
60 
60 
60 
60 
60 
60 
90 

Epoxy 
Type 

TH 
TI'1 
LV 
LV 
TM 
TN 
TM 
LV 
TM 
TM 
LV 
LV 
TM 
TM 
LV 
LV 
Thl 
TM 

'I'M 

LV 
TM 
TM 
LV 
LV 
LV 
TM 
LV 
TM 
TM 

LV 
LV 
LV 

Crack 
Hidth(cm) 

.25 

.25 

.25 

.25 

.25 

.05 

.05 

.05 

.25 

.25 

.25 

.25 

.25 

.25 

.25 

.25 

.25 

.05 

.05 

.05 

.25 

.25 

.25 

.25 

.25 

.25 

.25 

.25 

.25 

.25 

.25 

.05 

Test 
Condition 

Static 
Static 
Static 
Static 
Static 
Dynamic 
Dynamic 
Dynamic 
Dynamic 
Dynamic 
Dynamic 
Dynamic 
Static 
Static 
Static 
Static 
Dynamic 
Dynamic 
Dynamic 
Dynamic 
Dynamic 
Dynamic 
Dynamic 
Dynamic 
Static 
Static 
Static 
Static 
Dynamic 
Dynamic 
Dynamic 
Dynamic 

* The letter J denotes block joint specimens. 

}iax. Applie2 
StressCkg/cm ) 

131. 48 
103.36 
145.61 
165.23 
157.Q9 
174.58 
208.75 
226.40 
194.34 
190.33 
231. 32 
241.80 
185.62 
162.42 
132.67 
163.26 
206.01 
216.55 
228.72 
247.98 
193.35 
209.52 
223.37 
196.31 
152.99 
151.17 
1"3.50 
146.96 
169.45 
212.69 
192.58 
216.41 

Crack widths of 0.5 rum and 2.5 rum have also been investigated. Ex
perimental results summarized in Table 1 indicate that if void formations 
and curing problems do not exist, the thickness of the epoxy injected 
crack does not affect strength results within the stated thickness range. 
Furthermore, strength results in Tables 1, 2, and 3 indicate that the 
strength of the epoxy repaired specimens is approximately the same for 
both the high and 1mV' viscosity epoxy adhesives. 
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The results in Tables 1, 2, and 3 will now be summarized in graphical 
form. Fig. 5 presents the compression test results for block ribs under 
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Fig. 5 Compression Test Results for Block Ribs 

static and dynamic load conc.itions. These results show that crack angle, 
e ,does not influence the ultimate strength of block rib specimens. 
Dynamic strengths are approximately 24% greater than the corresponding 
static conditions. These strength results indicate the extensive in
fluence of applied strain rate on ultimate strength (16). 

Fig. 6 provides a summary of static and dy~amic compression test re
sults for masonry joints. The compressive strength is independent of the 
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Fig. 6 Compression Test Results for Block Joints 

crack angle, e . The compressive dynamic strength is approximately 44% 
greater than the static compressive strength. Since extensive absorption 
of the epoxy into the mortar has the same effect as reduced mortar thick
ness, the compressive strength o~ epoxy repaired masonry joints is proba
bly greater than the corresponding undamaged and unrepaired masonry joints. 
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Fig. 7 provides a summary of compressive strength results for grout 
specimens. The 28-day compressive strength of standard grout cylinders 
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Fig. 7 Compression Test Results for Grout Specimens 

is 183 kg/cm
2

. The dynamic test rest:lts show that the crCick angle, e, 
has minor effect on the compressive strength. However, the static test 
resul ts seem to show consiclej~able interaction between compressive strength 
and crack angle. Finite element analysis of the grout specimens indicate 
that the three dimensional Poisson effect and the complex stress patterns 
created at the epoxy-grout interface may partially explain such extensive 
dependence of compressive strength on crack angle. Future tests will be 
performed to further substantiate or refute these static ex?erimental re
sults on grout specimens. 

CO~CLUSIONS 

Experimental test results described in this paper show that properly 
epoxy repaired structural masonry components usually possess compressive 
and shear strengths equal to or greater than the original (undamaged) de
sign strengths (large scale tests currently in progress confirm this con
clusion). However, if full penetration is not attained or voids and un
cured epoxy regions are formed, the strength of the epoxy repaired 
specimens may be extensively diminished due to stress concentrations and 
reduced effective scress area. Therefore, properly selected and cor
rectly injected epoxy adhesives provide sufficient strength properties 
when utilized in the repair of concrete masonry structures subjected to 
static. or dynamic load conditions. Additional research on fire-proofing 
and creep behavior of epoxy repaired structures is being prepared in 
order to obtain a more complete understanding of the behavior of those 
structures subjected to seismic loads and adverse environment.al con
ditions. 
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In the introduction, the author summarized the events of 12/23/72 
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at Managua, and indicates ho~a rating on the Richter Scale can be mis
leading to the engineer. Theil discussed are the "politico-engineering" 
decisions related to recovering from the effects of the earthquake; fire; 
Building Code; the insurance surveys; surveys for the owners; the econo
mics of reparation; inflation; special comments on torsion, excessfve 
frame deflections, soft story, yielding in the plastic range, elevators, 
secondary damage, progressive failures, epoxy for concrete cracks, speci
fications and inspection. 

INTRODUCTION 

On Dec. 23, 1972, at 12:29 AM, Central Standard Time, the climactic 
shocks of about 24 hours of diastrophic activity struck Managua, Nica
ragua. The event was scarcely felt in Leon - a city 60 miles to the west. 
The estimated magnitude of the principal terremoto was only between 5.5 
and 6.5 Richter Scale. And yet there resulted in Managua - a modern capi
tal city, whose buildings were all less than 40 years old - the total de
struction of 5 square miles of city, ahd the partial destruction of an 
additional 5.4 square miles. This destruction left 

5,000 - 6,000 dead. 

20,000 injured to the point of requiring medical treatment. 

220,000 - 250,000 homeless. 

530,000 housing units lost or seriously damaged. 

20,000 housing units sustaining "25% damage". 



1038 

4,000,000 square feet of commercial buildings and warehouses 
lost. 

3,400,000 square feet of public and private office space lost 
(40% of the national total). 

4 hospitals (1,650 beds and 40% of the national total) lost 
or seriously damaged. 

740 school rooms, lost or seriously damaged. 

51,700 persons thrown out of work. 

for about $845,000,000 in total damages - which approximated 85% of the 
GNP of Nicaragua. 

By that earthquake. Managua - nestled on the axis of Nicaragua's vol
canos - has proven one of nature's great laboratories. Those seismic e
vents of Dec. 23, 1972 and their results have been well studied and have 
been the subject of much in our technical literature. This was the theme 
of the Conference at San Francisco in November, 1973 - sponsored by the 
Earthquake Engineering Research Institute - wherein 41 papers were pre
sented and published - covering virtually all aspects of the earthquake. 
This report is brought to you well after the fact and cites impressions 
and reactions of a Structural Engineer who arrived at the scene on Apr. 2, 
1973 and has been practicing his profession in that City since that date. 

THE RICHTER SCALE 

Much has been inferred that the Managua earthquake really wasn't that 
big a shake. The position has been taken - and the author has joined in 
it - that had the buildings of the City been properly designed and con
structed there would have been little loss of life,' and far less structur
al damage of the irreparable type. Those conclusions are probably true. 
But as regards the magnitude of the shake - make no mistakes about it, 
there was an unbelievable impact on the City. 

Photographs of the results of this earthquake are numerous in the 
literature - and to a certain extent lose their effectiveness if Viewed 
in mass. So to illustrate the degree of impact that can be experienced 
in a "mere" 5.6 Richter event only three photos have been selected. These 
are from the Cathedral at Managua. Figure #1 shows the Cathedral - a 
relatively squat building with a structural steel frame encased in rather 
massive concrete. Figure #2 is a view from inside the right hand 
(southerly) bell tower - looking at the N-W column of that tower. Figure 
#3 shows the fracture of flange and web of the N-W column of the southern 
bell tower. Figure #4 shows the structure of the column in cross-section. 

The study of these photos could be the subject of a graduate thesis. 
The point of failure of this column was about 65 feet of the gro.und, with 
about 40 feet of tower above it. Failure was apparently during the first 
mode of response, Ignoring all of the energy that was absorbed by the 
concrete (Figure #2), it would take 5.25 pounds of 80% "Hi-Velocity" Gela
tin to shear that steel column in that manner. I don't think "5.6 on the 
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FIG. #1 

FIG. #2 

COLUMN SECTION 

FIG. #3 FIG. #4 
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Richter Scale" adequately describes to the engineer what he is to expect. 

The Richter Scale is a means of classifying earthquakes according to 
an estimate of the "total amount of energy released" as measured at seis
mographs 60 Km. from the epicenter. But at Managua the epicenter was 
shallow - and right under the city. Perhaps some other concept such as 
"total energy released per square mile" would lead to a better yard stick 
to guide the engineers in determining how much energy their individual 
buildings should be capable of safely absorbing. 

THE POLITICO-ENGINEERING DECISIONS 

Immediately following a catastrophic earthquake there are a multitude 
of actions necessary for the protection of life and property. Naturally 
it is impossible to anticipate just what conditions will be, but it 
certainly helps if a contingency plan exists - say, as part of the general 
civil defense plan of each major city - to be followed, rather than de
veloped, when disaster strikes. In retrospect it appears that these ac
tivities were handled in Managua in three phases: 

Emergency 
Post Emergency 
Recovery 

The decisions to be set forth in each phase include: 
Emergency 

What type of law - civil or marshall? 
Chain of command. 
Police protection. 
Appraisal of conditions. 
Medical stations and hospital facilities. 
Evacuation and registration of refugees. 
Feeding, housing and clothing of refugees. 
Rescue operations. 
Burial and registration of the dead. 
Treatment of the injured. 
Uniting of families. 
Restoration of vital servi.ces - water, power, sanitary 

services, communication, fire protection, fuel 
supp ly, etc. 

Post Emergency 

General damage survey. 

Condemnation to occupancy of those buildings rated 
dangerous. 

Cordoning areas unsafe for occupancy. 



FIRE 

Dynamite demolition of those buildings in imminent 
danger of collapse. 

Control against looting. 
Specific damage survey classifying each condemmed 

building as subject to obligatory demolition; 
or reparation at the owner1s option. 

Clean up. 
Recovery Peri od 

Does the extent of the damage warrant: 
a revision in the City Plan? 
a revision in the City Zoning? 

Fault mapping and seismic risk survey for the city. 
Adoption of a Building Code - where the law has been 

silent in this respect. 
Establishment of governmental controls over new 

construction and reparation: 
a) Planning department. 
b) Building department. 

Plan and design review. 
Construction inspection. 
Materials testing. 
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A Master Plan of the economic limits to be imposed on 
the reconstruction program. recognizing: 

a) Money sources - Insurance; private capital; 
local public capital; international 
grant and loan. 

b) Problems of artificial inflation under too 
accelerated a construction program. 

c) Limitations of the local labor market - as 
regards numbers and expertise. 

A Master Plan for the permanent establishment of all 
public (including governmental) services inter
rupted by the earthquake. 

Raising the money to finance the recovery. 
Implementing the recovery. 

As in San Francisco 1906, the Managua 1972 quake again pointed up the 
importance of concern for fire protection in the wake of this type of ca
tastrophe. In Managua the power was knocked out - which may have been a 
blessing. Water supply was also interrupted - and the fire department was 
completely incapacitated, with all trucks buried in the rubble of the 
single fire house. In spite of this the report was II no fires ll as of 24 
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hours after the event. But then either the vandals or the underinsured 
set the torch which probably accounted for as much physical damage as the 
terremoto. 

The point is, fire can be expected after a major earthquake. Be pre
pared - and don't have "all those eggs in one basket", The fire fighting 
equipment should be decentralized. It will be needed for rescue even if 
there is no fire. There should be ample isolation va'ives in the water 
dist~ibution system to be able to quickly reestablish service in fire 
mains even after several major breaks have been experienced. 

BUILDING CODE 

There are lots of you at this Conference that will be shocked to hear 
that there are many places in the world where there is no legally adopted 
Building Code, Managua was such a place, and to this time (Jan. 1976) is 
operating under an emergency code, formulated during two weeks of February 
1973 and adopted in April 1973. Fortunately that Code embraces the ACI 
and AISC codes, which accounts for a lot of the construction, But it is 
completely silent in the areas of timber construction; reinforced masonry 
(traditional systems); fire resistive standards; stairs; exits and occu
pant loads; wall openings, etc. 

At present there is a Nicaraguan Code in preparation, But it will be 
a special Code, for Nicaragua. In the writer's opinion this is a proce
dura 1 error. 

It can quite safely be assumed that a country that has no formally 
adopted Building Code is underdeveloped. Small, underdeveloped countries, 
by their nature, have an engineering profession so small as to be unable 
to competently maintain a "living" Building Code. It is the author's 
continuing opinion that, in this circumstance, the Code adopted, should 
be an existing and "living" code - that is, a Code kept continuously 
current by the work of Code committees of the various professional socie
ties. Without intending to be provincial, an example of such a code would 
be the Uniform Building Code, which has served so well in the Western 
United States these many years. Such a Code can always be supplemented 
by local law to accommodate any peculiar local construction practices. 
There are many such Codes in existence throughout the world. 

INSURANCE SURVEYS 

Just as soon as possible after the event, the Insurance adjustors 
like to move in, make their investigations and settle all legitimate 
claims. At this stage of negotiations there is quite a demand for pro
fessional engineering opinion - both on the part of the insurance com
panies - and the owners. The early pay-out is desirable on both sides. 
The insurance company escapes as much of the effect of inflation as possi
ble (inflation will be inevitable in a small country, badly hit), The 
owners need the money (this is about the first money available to the re
construction program). 

The typical engineering services called for at this time in respect 
to a given building are: 



a) 

and b) 

A careful inventory of damage. 
An evaluation of the damage. 
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Where there has been a catastrophe, the insurance decisions are often 
based on a "broad brush" analysis. A convenient formula for this is to 
estimate: 

Percentage of loss in structure. 
Percentage of loss in the electrical system. 

Percentage of loss in the mechanical system. 

Percentage of loss in architectural finish. 

This approach permits quite a valid ultimate opinion. 

SURVEYS FOR THE OWNER 

If there is no insurance claim - or once the insurance claim is 
settled, the owner then has to make the decision of whether to demolish 
and reconstruct - or to repair. This often requires engineering consulta
tion. 

The Engineer's first responsibility is to formally inquire of the 
governmental agency in jurisdiction if the structure - if completely re
paired - would still conform to the zoning, land use and City plan (if 
these have changed since the earthquake). If the official response at 
this point indicates that the option to repair is actually available, then 
the Engineer's function is to: 

a) Make a detailed damage survey and report. 
b) Analyze the original building to determine if part or all of 

the damage was due to a deficiency in the original design. 
c) Make a preliminary design of compensatory construction that 

will satisfy any deficiencies of (b). 
d) Prepare an estimate of the cost of the total reparation and 

structural remodelling - and compare this to the costs 
of demolition and reconstruction. 

e) Present technical conclusions and observations in such a manner 
as to either make a definite recommendation - or give the 
owner the facts necessary for him to make the decision wise
ly. 

As implied in (e) it is not always possible or appropriate to give 
the owner a definite recommendation, because of certain intangibles. For 
instance: 

Is the building architecturally obsolete? 

Can architectural obsolescence be overcome by remodelling 
during reconstruction? 
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Will the "post terremoto" location of the property be as 
desirable as before? 

What other economic and aesthetic consideration besides 
"direct cost" will pertain to a wise decision? 

Above all don't be misled by what you see. In Managua the vandals 
had an absolute field day. The cordoning of the disaster area had the 
effect of keeping the owners out and the looters in, with the result that 
in a short time many buildings not protected by armed guard were literally 
stripped not only of movable chattel but fixed improvements such as roofs, 
tile floors, elevators, doors, plumbing fixtures, windows, banister rails, 
etc. A standing building which at first sight appears not too badly 
damaged may on closer examination be found to be but a structural shell, 
which might have a value (if not obsolete) of only 15 or 20 percent of the 
total. . 

THE ECONOMICS OF REPARATION 

As a rule, the Engineer's responsibility at this decision level stops 
with the presentation of the estimate of direct costs of reparation vs. 
new construction. But he should be aware of the otrrer economic factors 
involved - because very often the owner will rely on the private opinions 
of his engineer. 

A lot depends on the use of the building (residential, commercial, 
industrial, public facility, etc) and the type of client (private or 
public). Remember, virtually any building that is standing in a reason
ably plumb position after an earthquake can be saved and repaired. The 
point is, is it worth it. For instance a 400 year old cathedral which is 
a cultural treasure might unhesitatingly be repaired - whereas a 40 year 
old cathedral with similar damage might be unhesitatingly scheduled for 
demo 1 iti on. 

How have the land values changed? Is the building still appropirate 
in that particular location of the reconstructed City? Would an elegant 
home end up in an undesirable neighborhood? Under revised land use would 
a one story warehouse site now be more appropriately the site at a high 
rise office building? Was a low rent area now a high rent area - or vice 
versa? 

Again there is the subject of architecural obsolescence. Commercial 
landlords compete on the basis of desirability of location and attractive
ness of accommodations. Many times it is just not practical to give the 
architectural face lifting necessary to really bring the building up to 
competitive standards. 

How does the time factor enter the decision? The addage that "time 
is money" is particularly true in this type of situation - and especially 
where inflation will be a factor. Will there be a shortage of construc
tion labor and materials, such that new construction, at costs comparable 
to those of reparation, would take much longer? Can a dollar factor be 
assigned to this time differential, recognizing the effects of escallating 
costs, early revenue, early termination of emergency rentals, etc. (one 
usually can - regardless of the type of building). 
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INF.LATION 

Already there have been several references to inflation. Normal es
calation in construction costs is always one thing to consider - but arti
ficial inflation can be really bad. If San Jose, California were to be 
levelled by an earthquake you wouldn't expect to experience artificial in
flation during the recovery period. This is not true in many small 
countries of the world, however. Managua, for example, is about the same 
size as San Jose, but a much higher percen~age of the national work force 
is required for the recovery process than would be the case in San Jose. 
Also, Nicaragua is an economic island among nations. It's national pro
duct is basically raw material and although it produces cement, stone, 
masonry units and timber, it imports all steel (even nails, nuts and bolts) 
mech-anical and electrical products - and most items of architectural 
finish. The merchants and manufacturers of the country have long lived 
together and learned to let live. Consequently there is not a great deal 
of competition between vendors. There are many hardware dealers, for 
example - but they don't all sell the same items, and the overlapping of 
items sold is not that much. 

So it is that the shortage of labor can cause an inflation in labor 
costs. The shortage of material and the low degree of competition invite 
an artificial inflation in material costs. 

COMMENTARY ON THE TECHNICAL ASPECTS 
OF REPARATION ENGINEERING 

Once it has been decided to save a given building, the engineer moves 
into a very specialized field of structural engineering. He becomes a 
doctor of buildings - making well ones out of sick ones. This calls for 
the scientific expertise of the engineer of new construction, plus a 
special application of the art of engineering, and a lot of sound judg
ment. 

First, when moving into a new locale, make a careful study of local 
building practices, available construction materials and the construction 
techniques in current favor. This doesn't mean to imply that you should 
conform to these - for they may have contributed to the failures involved. 
But they should be evaluated and the decision made as to which to follow -
and which to modify. 

With respect to the repair of a specific building, the first thing is 
to be satisfied that all necessary temporary shoring is in place. Then 
make a careful damage survey. Study the failures to determine why they 
happened in the way they did. This will invariably provide the clue or 
clues as to what was wrong with the building in the original design (make 
no mistake about it - our best designs have flaws). 

At this point there is a judgment to make: 
1) Does the building fan into C1ass "A" - where the damage 

was tolerable, and acceptable again if repeated in a 
futUre earthquake of design magnitude. 
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or 2) Does the building fall into Class nBI! where a repetition 
of the damage is not desirable and the overall per
formance characteristics of the building should be 
improved. 

Remember, a building is not a "One Hoss Shay" - it will invariably 
have weak points. Sometimes these are just as acceptable as the shear 
keys in a machine that are designed to fail under overload before more 
expensive parts are damaged. An outstanding example of the Class "A" 
structure was the famous Banco de America building of Managua. It was the 
tallest building in the city and it's principal damage was the systematic 
failure of some spandrel beams at each floor of the elevator shaft. It 
was decided that this "weakness" could be tolerated in the future and the 
beams were merely repaired to their original condition. 

This matter of making repairs to restore a building to it's original 
condition is necessary for all buildings being repaired. To those whose 
performance characteristics are to be improved (Class 118 11 ) there will also 
be some "compensatory" construction (additional shear walls, reduction of 
torsion, tying certain elements together, closing certain wall openings, 
providing some sliding connections, etc.) - designed to prevent the repeti
tion of the type of failure experienced. Most reparation falls into this 
latter category. 

SPECIAL TOPICS 

Code. Usually the building being repaired will not have been designed to 
the letter of the currently existing Building Code. And so, early in the 
design the engineer must decide whether to bring the building into full 
conformance with the existing Code - or to make repairs to some reduced 
standards. The Nicaragua emergency code permits this type relaxation of 
requirements, providing the building official concurs with the Engineer's 
judgment in the matter. 

Classical examples are with the roof or the seismic factor. 

Often, the specifications for the reparation permit the continued 
existence of a roof system that cannot carry the full live loads per Code, 
without excessive deflections. But so what? If everything else is in 
order, the roof's only fUnction in service may be to keep out the rain. 

The design seismic factors in Managua are quite high now (for instance, 
0.33 for a concrete block wall, box system). The Engineer may propose a 
reduced factor, on the proviso that all connections are in order. 

In exercizing this particular type of judgment be careful not "to 
throw the baby out the window with the bath water" - but to still end up 
with a safe building. 

Torsion. Torsion is no myth. A very popular type construction in Managua 
for intermediate floors and some roof slabs was 2" reinforced concrete slab 
with 2" wide tee stems at 12" on center with 6", 8" or 10" deep hollow clay 
or concrete tile between the stems. These made excellent rigid horizontal 
diafragms, and generally speaking sustained very little damage in the 



earthquake. But as they rotated under lateral load due to the eccen
tricity between the c.g. of the load and the c.g. of the resisting ele
ments, they wrought incredible wall damage. 

Perhaps one of the two great lessons emphasized in Managua relates 
to this subject of torsion. 

"The most important phase of a seismic design is during the 
basic architectural layout at the very conception of the pro
ject. Structural symmetry is good. Large structural eccen
tricities are bad." 

Excessive Frame Deflections. Because all steel must be imported to Nica
ragua the concrete frame was a popular method of construction during the 
50's and 60's. These frames were designed for vertical load - and whether 
by design or simply by virtue of their joinery - had a certain capacity 
to resist lateral loads ... albeit with excessive deflection. As a matter 
of fact the frames in many of these frame structures behaved well - of 
themselves - and were perfectly feasible of being repaired. But because 
of the deflections the "non-structural" pRrtitions and masonry infi'l 
walls were ruined. 

FIG. #5 
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The ACI has recognized this lesson and now will be requlf1ng that 
moment resisting frames of and above certain minimum dimensions be supple
mental and stiffened by shear walls. And actually this is an excellent 
concept of design. If there is a frame alone and the frame fails, the 
building is gone. Similarly with the "box" system, once the shear walls 
fail, the building is gone. But to use the two in combination is ideal ... 
because due to the great differences in flexibility the two systems do 
not work together. This means that the shear walls can "take it alP and 
sustain a tremendous amount of damage. Then the frame is left to save the 
building until repairs can be made. 

Figure #5 gives an illustration of these points. This is the 7 story 
"TELeOR" building. It was a concrete frame with clay tile infill walls. 
These walls were brittle and almost "exploded" in their shattering. But 
the photo is as of December 1975, showing the building is being saved. 
Note the new and symmetrically positioned shear walls being added, 

This discussion has related to concrete frames. Steel frames would 
have been found just as lacking under the same design philosophy, This 
points up the second great lesson emphasized in the behaviour of buildings 
in Managua. 

IIA building element - structural or "non-structural" - not 
free to deflect as much as all else around it tends to -
will catch the load. It had better be able to take it -
or fail II , 

Soft Story. This is merely an editorial observation directed at the con
cept of the "soft story". The idea of the soft story is that the fi rst 
floor framing be quite flexible under lateral load, as compared to the 
upper stories. If it works right this story will damp out the effects of 
earthquake ground motion such that the response in the upper stories would 
be practically nil. All damage would be concentrated in the first story 
and would be readily subject to repair. 

There were many "soft storyll buildings in Managua. They were not 
designed with that in mind - but they turned out that way. They were 5 
and 6 story buildings that abruptly became 4 and 5 story buildings - res
pectively - with little damage in the surviving floors. So the soft story, 
per se, may not be such a good idea. 

But an idea that is lIalmostll on target shouldn1t necessarily be aban
doned. This concept of buffering the shock before it gets into the main 
building elements is fundamentally sound. But the place to do it is pro
bably in the foundations. 

Shock absorbers in the foundations may not always be possible - and 
certainly will always be costly. But so has this concept of IIfighting 
the forces ll (that our profession has followed to date) been costly. It 
is a fair prediction that much thought will be devoted to this field of 
shock absorbing - either before the shock enters the structure or in the 
joints once it1s there. Figure #3 is a reminder of the dynamic nature of 
the seismic load. It would seem that static structures and dynamic loads 
may not be the answer. 



Yielding in the Plastic Range. This is another editorial comment, but 
this time dlrected at a concept that is generally accepted in the pro
fession. The desirability of ductility and toughness - as opposed to 
brittleness are certainly at the very heart of aseismic design. But a 
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lot of steel has been sold on the merits of it's ability to absorb earth
quake energy by deforming in the plastic range. That's fine for saving 
lives and selling steel - and surely some plastic yielding in some joints 
can do a lot of good_and not much harm-:-but there were a lot of buildings 
in Managua that "leaned and stayed leaning" because of this phenomenon. 
By definition the hysteresis loop does not close back to zero in this type 
of yielding. 

But again, the idea is on the right track. Energy has to be absorbed 
and dissipated as heat. The profession should keep working and progress
ing along that line of thought. 

Elevators. At Managua elevators consistently jambed, and a common failure 
with cable systems was that the cables jumped the grooves of sheaves and 
fairleads and bound between the sheave and the cheekblock. This was one 
more warning like San Fernando. But it is encouraging to see that Cali
fornia, as of last October, has inaugurated new seismic safety standards 
for elevators. Incidentally, these new controls are administered by the 
State Division of Industrial Safety - and no doubt correctly so. Let us 
hope that other agencies follow suit. The point is that if ships at sea 
can survive typhoons with all elevators in working order, then building 
elevators can be made to survive an earthquake and operate as long as the 
shaft stays intact. 

Secondary Damage. In 45 years this profession has made pretty good pro
gress in the field of aseismic design. Joinery has improved. A.lookout 
is kept for that short stiff element that wants to catch all the load. 
There is a better understanding of the nature of the loads and how to 
handle them. Protection of life has been the aim. But in Managua proba
bly more than half the total damage was secondary damage of the type here
before described under"Excessive Deflections". The building stood, but 
all the walls, architectural finish, mechanical and electrical works were 
gone. It is very difficult to explain this to an owner. His principal 
consolation is that the same thing happened to his neighbor. It is just 
like a Doctor reporting that "the operation was a success - but the 
patient died". 

This point is made to indicate to the Engineer that his work is not 
done when he designs the structural skeleton. He must look to the build
ing as a whole to work as a whole - and hopefully perfect his design to 
the pOint where at least for a "5.6 Richter" most of this secondary damage 
wi 11 be avoi ded. 

Progressive Failures. Beware of the series type connection where the 
extreme connector can be overloaded while the interior ones are under 
stressed. "Ten were needed and ten there were. One fa il ed, and then 
there were nine, etc." This "bewareness" should become ingrained. It is 
particularly important to have when conceiving the overall building per
formance. Fail Safe~ 
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Repair of Concrete Cracks b~ Epoxy. Not enough can be said in praise of 
the system developed for lnJectlng epoxy into the cracks of concrete 
building elements. Principal beams and columns that have hinged can be 
restored to conditions better than new. Remember though, that this merely 
brings the structure back to what it was. Chances are that with some 
reasonably unsophisticated "compensatory construction" the original design 
can be substantially improved upon. 

Specifications. The cost-plus contract is ideal for reparation work be
cause the true scope of work is a bit nebulous. But it is not absolutely 
necessary. Restoration contracts can be let on the basis of a fixed price, 
competitively bid. for all work clearly specified to be done. But there 
should always be ample provision - either by means of a prespecified con
tingency fund within the bid price - or through broad latitude of discre
tion given the Engineer to make field changes and additions to the work. 
It is usually impossible to discover all of the structural deficiencies 
of a building during the deSign period. This is because the building is 
not totally exposed to inspection until the contractor actually starts 
working. It is for this time that the Engineer should reserve authority 
to himself to modify or amplify the reparation work and authorize extra 
payment to the contractor on-the-spot. 

Inspection. There. no doubt, will be situations in the future similar 
to what Managua 1972 was. In Managua. the construction labor force jumped 
800% after the earthquake, so that inspection not only became a goal of 
guarding against unscrupulous practices, but overcoming an honest but genu
ine ignorance factor. With the best of contractors inspection is necessary 
to see that the intent of the design is followed. 

This is especially important with respect to those details of joinery 
fundamental to aseismic design. 
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A team of structural engineers from the American Plywood Association 
investigated the behavior of plywood systems in the San Fernando earthquake 
of February 9, 1971. They found that the good performance of schools showed 
that current design and careful building techniques could produce plywood 
and wood buildings that performed wei 1, even in a high intensity quake. Poor 
performance of some industrial buildings showed that less careful design and 
construction was SOOn reflected in performance. Performance of hospitals 
demonstrated that an "importance factor" should be applied to such buildings. 
And a comparison of earthquake durations, together with the exemplary per
formance of well-built buildings, showed that the duration-of-load adjust
ment, for wood under seismic load, should be raised from 1.33 to 1.75. 

INTRODUCTION 

Definitions 

Webster's Seventh New Collegiate Dictionary defines '~troika" as: '1(1) 
Russian vehicle drawn by three horses abreast; also, a team for such a 
vehicle. (2) A group of three closely related persons or things." 

"Engineer" includes both engineers and architects who are qual ified 
to do, and are engaged in the practice of, the structural design and de
tailing of buildings. 

"Building code" is defined as including both the written code and the 
officials in a position to enforce it. 

"Contractor" includes the management as well as the workmen who are 
engaged in the actual construction of the building. 

The definition of the 3-member troika appears to omit the very essen
tial 4th member, the owner, of any building program. Actually the owner 
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should be considered as the driver and vehicle being drawn by the troika. 
This definition indicates that the progress of the owner is dependent upon 
sufficient cooperation between the members of the troika so that they are 
all moving uniformly in the same direction. Also impl ied is the fact that 
the owner, as driver, can give instructions to the troika which they will 
accept, if they are in accord with their training. 

Tests of Seismic Designs 

Engineering design methods, and other theories developed in the scien
tific community should be, and normally are, verified by testing. While 
building components and materials can be tested, however completed buildings 
are too large to be tested. Development of the shaking table has made it 
possible to simulate 3-directional earthquake motion, but here again, the 
largest table in the United States is 20 ft x 20ft (6m x 6m) which restricts 
its use to testing of models or components. Structures cannot be scaled 
down to models of manageable size and still preserve dynamic similitude, 
and even if the costs of full-size tests were not prohibitive, no means 
exists for generating the earthquake forces at full scale. 

It is imperative, therefore, that evidence bearing on the theories or 
design processes be gleaned from actual earthquakes whenever they occur. 
The earthquake can be looked upon as an experiment conducted by nature. The 
experiment is completely uncontrolled, but the troika must use it to gather 
whatever information they can. 

Since an actual earthquake is the only means of testing a completed 
structure, each earthquake, of sufficient intensity to cause damage, must 
be thoroughly investigated. The investigators commonly represent such areas 
as the academic community, professional engineering organizations, building
code officials, and trade associations of construction material manufacturer~ 

Investigation, following an earthquake, must be prompt so that evidence 
indicating the nature and cause of any failures is not destroyed by repairs 
or cleanup. While pictures and accounts of dramatic failures are a very 
obvious purpose of the investigation, it is equally important that buildings 
that survive with I ittle or no damage also be investigated to determine the 
reason for their good performance. 

An ideal situation for the investigative team is when two relatively 
similar buildings with a wide disparity in the amount of damage are located 
in the same vicinity and were probably subjected to the same earthquake 
forces. This situation occurred in the 1971 San Fernando earthquake (10)* 
and in the 1973 Managua, Nicaragua earthquake (4, 24, 25)*. While the 
exact significance of these comparisons may be argued by advocates of vari
ous building materials or design methods, the widely differing performance 
must not be ignored by members of the troika; particularly the engineer and 
building code. 

A point to be considered in evaluating building performance is the 
importance of that performance. A warehouse or industrial building might 

* Numbers in parentheses refer to Bibliographical References, at end of 
paper. 



have been built on a tight budget with ful I real ization that it would be 
damaged in an earthquake. A hospital or fire station, however should not 
have been so designed or built. 

American Plywood Association Investigation 
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After the San Fernando earthquake of February 9. 1971, a team of struc
tural engineers from the American Plywood Association investigated the behav
ior of plywood systems in the quake. The purpose of the investigation was to 
determine if design methods for plywood diaphragms were realistic. Did the 
failures indicate a fundamental design weakness, inadequate engineering, or 
poor construction? Were they the result of an easily corrected "weak linkll 
in the design or construction? 

The function of diaphragms and shear walls should be understood to 
appreciate fully the significance of the actual building successes and 
failures. A diaphragm is a horizontal structural element, like a roof or 
a floor. It is designed to resist lateral loads, such as those caused by 
high winds or earthquakes. The diaphragm functions as an oversize beam, 
with the sheathing forming the web and the boundary members, the flanges. 
The boundary members, or chords, carry flexure, acting in direct tension 
or compression. The intermediate framing members stiffen the diaphragm 
against buckling and splice the sheathing and the roof or floor surface 
to carry shear. 

Walls and partitions can be designed to function as vertical dia
phragms, commonly referred to as shear walls, which serve as cantilever 
beams to transfer loads from their upper edges to the foundation. 

Earthquake or wind forces generated in building walls, perpendicular 
to the direction of the forces, are transferred to the foundation and to 
the roof acting as a diaphragm. The roof, in turn, transfers the load 
from the wa J 1 s, as we 11 as any wi nd or earthquake forces on the roof, to 
the shear walls that are parallel to the force. 

The buildings in this region ranged from masonry or wood framed single 
residences to high-rise buildings framed in steel or concrete. The investi
gation reported in this paper is limited to discussion of buildings using 
lumber framing overlaid with plywood to develop the shear resistance re
quired to withstand earthquake forces. This type of construction was com
monly used for both walls and roofs, in schools, homes, and apartments. 
Another major use was for roofs only in light industrial or warehouse 
bu i ld i ngs us i ng masonry or concrete til t-up wa 11 s. The des i gn methods for 
this type of construction have been developed through a long series of 
laboratory tests at the American Plywood Association laboratories, the 
U.S. Forest Products Laboratory, and Oregon State University. Since the 
San Fernando earthquake produced the strongest accelerations ever recorded, 
San Fernando provided an opportunity to study the behavior of plywood struc
tures at Ilprobably close to the maximum values (of ground motion) to be 
expected for an earthquake of even the largest size. 11 

(]) 
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OBSERVATIONS FROM THE SAN FERNANDO EARTHQUAKE 

High Intensity 

Intensity of the San Fernando earthquake was the highest ever recorded, 
as measured by the acceleration, which caused the actual building damage. (1) 
Seismologists have referred to the San Fernando earthquake as a minor quake 
since its magn i tude was on I y 6.5 on the Richter sca 1 e. I ntens i ty, however, 
not magnitude, determines the strength of the damaging forces. 

The high lateral forces in San Fernando caused building stresses that 
were far above the design load. In places, these forces were equal to or 
greater than the building code design force multiplied by normal "load 
factors". In other words, they were forces at which well-designed struc
tures would be expected to fail. 

Successes 

In general, well-designed and well-constructed diaphragms performed 
well, as illustrated by the performance of a number of schools visited. 
Schools commonly used large amounts of plywood and used it in a way that 
provided adequate strength to match the earthquake. 

At Olive Vista Junior High School, there were several temporary class
rooms, which were completely sheathed with plywood on walls, roofs, and 
floor. They survived without damage, even though the quake was sufficient 
to destroy the foundations beneath them. These classrooms fell to the 
ground when the post-type foundation tipped under the lateral force of the 
earthquake. At the time of the inspection, about two weeks after the quake, 
they had already been lifted, the foundations had been restored, and the 
rooms were in use. 

Also observed at Olive Vista was a large, two-story building with a 
plywood diaphragm and plywood shear walls. It had survived the earthquake 
with both diaphragm and shear walls doing their job. The only failure was 
at the bottom of one end shear wall, where lateral forces had been so great 
that the anchor bolts actually caused spl itting of the bottom plate. Here 
again, repairs were well underway with the replacement of the bottom plate. 

The damage to this building, even though minor and easily repairable, 
becomes significant when judged against the performance of the adjacent 
building. The two buildings were identical and parallel, but with re
versed floor plan. The two buildings were basically symmetrical about a 
I ine midway between them. The only known difference in the construction 
of the two buildings was the omission of the hold-down anchors at either 
end of the damaged shearwall. (10) 

Failures 

Most of the buildings inspected, with structural failure, were in
dustrial structures. Typically, these structures had plywood diaphragm 
roofs and concrete tilt-up walls. The majority of these buildings had 
failed through outward movement of an end wall, and collapse of a por
tion of the roof adjacent to that wall. 
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The usual industrial building was rectangular in shape, with the main 
roof framing glulam beams parallel to the shorter end walls. Purl ins were 
placed parallel to the longer side walls, and spanned between the glulams. 
Plywood roof panels were preframed with 2x4 sub-purl ins, and spanned be
tween the purl ins. The failures generally occurred in the end bays, along 
the shorter, end walls. There was no tension connection at the ends of the 
purlins, other than that formed by the plywood sheathing. 

The lack of tension ties between the roof purlins and the end walls 
was prominent in all fai lures. This lack caused the diaphragm perimeter 
nailing to be loaded in three ways. First, it was serving its primary 
function of transferring shear from the roof diaphragm into the wall ledger 
(chord). Second, it was filling the role of a tension tie between the roof 
diaphragm and the wall. Third, it was transferring uplift forces from the 
roof to the wall. 

Since the end bays are also the areas of highest shear, the question 
naturally arises as to whether the failure was primarily due to high shear 
or to the lack of tension ties. The partial fai lures in three buildings 
offer strong proof that the primary cause of the failure was lack of ten
sion tie~ rather than excessive shear. 

The first of these buildings was a warehouse that was approximately 
100 ft (30 m) square. Since the building was square, for equal forces the 
shears would be equal in either direction. In this building, the failures 
occurred in the bays where the purl ins were perpendicular to the end walls 
(where there were no tension ties). There were no failures in the side 
walls, where the glulam seats provided tension ties. 

The framing in the second building is even more significant, since it 
was a typical long rectangular building. In this building, however. the 
purl ins were perpendicular to the long side walls instead of to the short 
end walls. With such framing, plywood panels are oriented so that the 
continuous plywood panel joints are parallel to the high shear forces. The 
close nail spacing observed indicated that the engineer recognized this 
fact and adjusted the nail spacing accordingly. In this building, the 
failures occurred along the side walls, where the purl ins lacked tension 
connections to the wall, but where the shear forces were actually lower 
than at the ends. 

The third building was a large manufacturing facility; it had the 
typical failures in the end bays. Four large sawdust collectors, on the 
roof, were supported by the roof framing in an end bay. This particular 
bay failed except for the area supporting the sawdust collectors. Further 
investigation indicated that the purl ins supporting the sawdust collectors 
had been increased in size, due to the increased vertical load. More im
portant, they were securely anchored at each end in a way to resist vertical 
forces as well as any outward tensile force from the wall. (20) 

Whi Ie several investigators (2, 18) report no wall to roof separations 
in buildings with good ties between walls and roof framing, one report (2) 
does contain reference to such a building where there were major failures 
in the interior portion of the diaphragm. Obviously, when one weakness is 
corrected, the next weakest link will become critical. In the case of roof 
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diaphragms, when the inadequate tension connection between framing and 
wal Is are strengthened, quite possibly the next weakest I ink would be 
where the roof purl ins are supported on either side of the major roof 
beams without provision for transmitting tensile forces across the beams. 
While it is not intended to minimize necessity for checking all connections 
for forces in all possible directions, reference to Figure I, showing the 
building mentioned in the report, indicates that differential ground move
ment was 50 great at this location that not even a well designed and weI I 
built building could have survived undamaged. 

FIGURE I 

Extensive differential 
ground movement at 
12366 Montero Avenue 

It was paradoxical that, of the 58 fatal ities recorded in the San 
Fernando earthquake, 50 occurred in hospitals. Admittedly 47 of these 
I ives were taken by collapse of non-earthquake-resistant buildings at the 
Veterans Administration Hospital, which were built before earthquake re
quirements were added to the code. Several hospitals, however, were dam
aged to the extent that they were non-functional at a time when they were 
needed most, even though they had been designed and constructed recently 
under modern building codes. 

Duration of Load 

Assuming that the addition of the tension tie between the roof fram
ing and the wall would correct the only appreciable weakness of this type 
of construction, the performance of the buildings would then have been far 
above expectations. This assumption is not unreasonable since the build
ings in the area, with ties, escaped serious damage. Then the extremely 
high actual earthquake accelerations, compared to the design load specified 
by the building code, would indicate that load factors of 4 and 5 and, in 
cases, even 6 were common. These load factors are considerably higher than 
the factor of 2 1/2 to 3 that is accepted for wood construction, and they 
indicate that wood has a considerable reserve strength available for short 
term loading. 
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A question arises on the assigned load increase allowable for seismic 
design - partially from field observation, and partially from study of the 
records of the San Fernando and other previous earthquakes. 
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ADJUSTMENT OF WORKING STRESSES FOR VARIOUS DURATIONS OF LOAD 
(Derived from Forest Products Laboratory Report No. R 1916) 

The abil ity of wood to take short-time loads has been commonly recog
nized, with a relationship between working stress and duration, as shown 
in Figure 2, established by the U. S. Forest Products laboratory. This 
figure shows a one-third increase in allowable design stresses for a 
cumulative total duration of load of one day in the I ife of the structure. 
It also shows a 75% increase appl icable to a load duration of one minute. 
Presently a one-day duration of load is understood to include both wind 
and earthquake. 

It does not seem reasonable to place wind load and earthquake load 
in the same classification. It is easy to believe that the actual cumula
tive duration of maximum wind load over the 1 ife of a building will total 
one day. In contrast it is hard to justify over one minute of cumulative 
earthquake loading, at maximum stress, even for buildings with an expected 
life of 100 years. The high-intensity duration of the San Fernando earth
quake, for instance, was 12 seconds, and the entire earthquake lasted 
about 60 seconds. 0, 12, 26) 
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Will iam Cloud arbitrarily established the damaging intensity of 
earthquakes at 2% gravity and above. His figures, shown in Table 1, 
indicate that such strong past earthquakes as El Centro or Kern County 
(Taft) have had a duration of only approximately 2/3 of a minute above 
the level of 2% g. While there is no record of the Alaska-Prince William 
Sound earthquake, reliable witnesses (19) estimate its duration as being 
considerably longer. 

TABLE 1 

DURATION OF EARTHQUAKES HAVING 
STRONG-MOTION RECORDS 

Magnitude Distance to Timbe above 
Date (Richter Station Epicenter 2% gravity 

Sca I e) (Mi les) (seconds) 

May, 1940 7. I EI Centro, CA 7 30 
Apr. , 1949 7.1 Olympia, 'viA 10 50 
Apri. , 1949 7.1 Seatt I e, WA 38 49 
July, 1952 7.6 Taft, CA 27 43 
July, 1952 7.6 Pasadena, CA 75 26 
July, 1952 7.6 Ho 1 I ywood, CA 76 31 
Aug. , 1959 7. I Bozeman, MT 56 27 
May, 1962 7 to 7.25 Mexico City 160 27 

Mexico 

On the other hand, to consider 2% gravity as the threshold of dam
aging intensity is probably overly conservative for a building designed 
for earthquake accelerations of 10% g. Setting the damaging intensity, 
for properly designed buildings, at a more realistic level, ~ell above 
2%, would greatly decrease the damaging duration of past quakes below 
the intervals shown in Table 1. Jennings and Hausner feel that acceler
ations of 15% mark the threshold of serious damage for most poorer, pre-
1933 buildings. (8) 

The cumulative duration of earthquake loading of one minute or less 
fndicates that normal design stresses for wood should be increased 75% 
for earthquake loading, using the relationship of working stress to dura
tinn of load shown in Figure 2. 

DISCUSSION OF OBSERVATIONS 

The importance of thorough design and construction inspection were 
shown by the striking difference between the excellent performance of 
school buildings and the relatively poor showing of industrial buildings 
in San Fernando. 

One observer, referring to the industrial buildings, stated, lithe 
construction of these buildings is a highly competitive undertaking with 
a strong pressure to keep the cost low, and hence, the tendency is to 
just satisfy the requirements of the building code. 11 (5) 
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The results of inadequate inspection, design or detai 1 ing were 
obvious in the damage to buildings at San Fernando. Figure 3 shows a 
portion of a reinforced masonry shear wall that has a conspicuous absence 
of grout in the voids containing the vertical reinforcing steel. (22) In
spection of the diaphragm chord and its attachment to the wall indicates 
the thoroughness of the engineers design. 

FIGURE 3 

Collapsed shear wall, 15151 Bledsoe Street. 
Note ungrouted void containing vertical rein
forcing steel. 

FIGURE 4 
Ledger anchor bolt embedded 
approximately I 1/2", 12460 
Gladstone Avenue. 

Analysis of the construction drawings of another building that suffered 
severe, but repairable, damage shows that the structure generally was de
signed in accordance with requirements of the Los Angeles City Building 
Code. However, examination of the damaged portions of the building indi
cated that the horizontal wall reinforcing steel was not spl iced at the 
columns as detailed on the construction drawings. Another cause of fail
ure in this building was the shallow embedment of anchor bolts. A typical 
bolt is shown in Figure 4 and other bolts were found embedded even Jess. 
The construction drawings show the bolts being embedded to within 1 inch 
of the far surface of the wa J 1 . (23) 

School design and construction, on the other hand, are described by 
the following: 

"However, the primary difference between school construction and 
other work is in the scrutiny given to details and connections, 
and in the added job-site surveil lance by the architect, engineer, 
inspector, and a field engineer of the Schoolhouse Section of the 
Office of Architecture and Construction." (13) 

and again: 

"Possibly the most significant provIsion of the (Field) Act is the 
requirement for strict construction supervision." (14) 
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These accents on details, connections, and inspection could well be 
the "other reasons" referred to by Jennings and Housner in the following 
quote: 

liThe lateral force requirements for the school buildings are essen
tially those of the building code and the successful performance of 
the one- and two-story school buildings reflects the fact that these 
structures actually possess, for other reasons, lateral resistance 
substantially in excess of the minimum code requirements." (9) 

Importance of a conscientious and competent contractor is required 
even with inspection. A full-time inspector cannot watch every workman 
continuously or verify every minute detail. Thorough as inspection re
quirements are for schools, under the Field Act, connection details were 
observed to have been omitted in at least two schools. First was the 
omission of the holddown anchors mentioned earlie;- at Olive Vista Junior 
School. At a second school a weld was omitted between reinforcing steel 
and a steel beam. Also a reinforcing bar was nGt hooked around the 
anchor bolts as specified. These details appeared several places in a 
total of three buildings. (7, II) 

LESSONS FROM SAN FERNANDO 

These are lessons to be learned from the San Fernando earthquake, 
for all three members of the troika. 

For the engineer, one of the very first lessons which should have 
been learned from study of San Fernando is the need for incorporation of 
the structural lessons in the engineer's initial and continuing education. 
This need for education seems obvious while the memory of the various 
damaged buildings is still fresh. It can be soon forgotten, however, as 
illustrated by the fact that R. Hanson and H. Degenkolb's eleven lessons 
"learned" (6) publ ished after the July 29, 1967 Caracas, Venezuela earth
quake, had to be lire I ea rned" f rom San Fe rnando. 

The engineer's next lesson is the need to complete thoroughly each 
building design, including close attention to all details and connections. 

The building code has learned one of its lessons well. The need to 
incorporate new provisions in the Uniform Building Code has been real
ized, and many changes have been impl imented. 

The collapse of numerous school buildings during the 1933 Long Beach 
earthquake, and the real ization of the immensity of the catastrophe that 
would have been involved had the schools been in session, shocked the 
California Legislature into effective action. The Field Act was passed, 
governing school construction, eleven weeks after the earthquake. Simi
larly, extensive damage to several hospitals in the February 1971 San 
Fernando earthquake caused the California Legislature to pass a bill in 
1972 to insure that hospitals be constructed with the same attention to 
earthquake resistance as required in school construction under the 1933 
Field Act. 
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The code and the engineer also need to learn to emphasize the import
ance of inspection. The construction inspection should be by both the 
engineer, to be certain that his design drawings are correctly interpreted, 
and by the building code to be doubly certain that the design and construc
tion are in accord with the code. 

The third member of the troika, the contractor, is equally important 
to the success Or failure of a building. He must Jearn to accept the 
responsibility associated with this importance. Buildings properly designed, 
meeting the requirements of the latest building code and using the latest 
building technology can still fail if items such as reinforcing rods are 
omitted or improperly spJ iced, or fewer or shorter nails are used than 
those specified. A competent, knowledgeable contractor, combined wlth in
spection during construction, is insurance that the building is constructed 
as the designer intended, as well as providing an opportunity for a final 
check for errors or omissiqns on the part of the designer. 

An important lesson for all three members of the troika and for the 
o,wner, is the need for an understand i ng of the degree of earthquake re
sistance designed and built into the building. It is necessary in certain 
cases to design above the minimum requirements specified by the code, by 
adding what has often been cal led an "importance factor" to the code re
quirements. Ideally, the amount of the increase can be determined in a 
free and open discussion between the members of the troika and the owner, 
based on the number of people exposed to danger should the building be 
damaged in an earthquake, and on the time that a building would be non
functional, for repairs, following an earthquake. 

Interviews with owners, after the San Fernando earthquake, showed 
that they did not understand the need to define importance. They had 
been under the impression that a building, even marginally in campI iance 
with the code, was expected to sustain little or no structural damage in 
an earthquake. The building code, on the other hand, like most building 
codes, had been written to provide minimum standards for the protection 
of publ ic health and safety - not property. 

Failures, of hospitals and other emergency facilities, at San 
Fernando indicated that higher importance factors should be considered 
for such structures as: hospitals, fire stations, communication centers, 
and electrical switching and distribution centers. 

COST OF APPLICATION 

Obviously it will cost money for the increased engineering time 
required for more completely detailed design, the addition of full-time 
inspection in the construction phase, and increased material and con
struction time required to build a more earthquake-resistant building. 

Traditionally it has been considered that the owners resisted ex
penditures of this type since they were apparently wi lling to gamble 
that an earthquake would not occur. Undoubtedly owners of buildings 
damaged in San Fernando, while hoping that another earthquake of this 
magnitude will not strike for another 50 years, see the justification 
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for spending a small amount of money in building construction to prevent 
the potentially large amount of damage later on. 

Perhaps additional incentive could be given owners to build more 
highly earthquake resistant buildings if the premium rate for earthquake 
insurance could be related to the designed ability of the building to re
sist the maximum expected potential earthquake. 

Several studies have been made to determine the increase in building 
costs that can be attributed to earthquake-resistive construction. The 
first of these studies was in 1961; it concluded that the increase in 
cost for earthquake resistant construction as required by Title 21, Calif
ornia Administrative Code (the Field Act), generally amounts to no more 
than 1% of the total cost of a building designed to meet the usual verti
cal and wind load requirements. (17) 

Another study (15, 21) was based on the redesign of several build
ings damaged in the San Fernando earthquake. included among these build
ings were a school and a typical industrial building with tilt-up rein
forced concrete walls and a plywood roof diaphragm. This study resulted 
in 9.7% construction cost increase for the industrial building and a 30% 
increase in the necessary engineering. The increased cost for the school 
was 1% in construction and 15% in engineering. 

The 1% estimate increase in construction cost for the school indi
cates the large reserve strength built into the school under the Field 
Act. The originaischooi design was for a typical lateral force of 13% 
of gravity and normal design stresses were used for the building materials 
The redesign assumed a maximum potential earthquake lateral force of 44% 
gravity (almost 3-1/2 times the original design). in the redesign, unit 
stresses were used that averaged approximately twice those specified in 
the Uniform Building Code. The load factor (safety factor) was cut in 
half since the absolute maximum expected earthquake force was used rather 
than the nominal force specified by the code. (16) 

CONCLUSIONS 

Investigation after the San Fernando earthquake led to the following 
conclusions. 

1. A combination of complete and detai led design, proper code require
ments, and careful construction can result in a building with a high 
level of performance, even when subjected to the extreme loads of 
San Fernando. The exceptional performance of schools constructed 
under the Field Act proved that fact. 

2. Additional design detail and inspection during construction can 
result in buildings with good earthquake resistance, at a very 
nominal increase in cost over those with inadequate resistance. 
Examination of buildings with structural failures showed how 
I ittle extra would have been required. 

3. An "importance factor" should be developed for each design. The 
destruction of hospitals and electrical distribution centers in 
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San Fernando underl ined need for this factor. 

4. The duration-of-Ioad adjustment for wood under seismic load should 
be raised to 1.75 from the present 1.33. This increase is justified 
by the outstanding performance of well designed and properly con
structed wood-framed buildings, even subject to what can be considered 
an "ultimate earthquake". 
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The safety of modern cities during a severe earthquake 
is explored using simulation methods. The lois parameters 
were derived from recent earthquakes. The population and 
construction Were modeled in accord with recent demographic 
projections for the area. The simulation indicates that 1.5% 
of the population may die or be seriously injured in a severe 
earthquake unless earthquake resistant structures are built. 
Before a higher level of safety is attained, the public must 
accept its responsibility to pay more for safer structures. 

INTRODUCTION 

The question to be explored in this paper is "How safe 
are modern cities during a strong earthquake?". 

Serious questions have recently been raised about the 
safety of modern cities because most cities do not require 
earthquake loading in the design of buildings, and dramatic 
damage occurred to numerous aseismic buildings during recent 
earthquakes at Anchorage, San Fernando, Caracas, and Managua. 
These recent damages have deeply disturbed many people who 
are responsible for public safety because of the collapse or 
severe damage to structures that were built to modern build
ing codes with seismic requirements. 

In this paper the author will explore the safety of 
modern cities using simulations. Simulation methods were 
chosen for this analysis because they are capable of account
ing for seismic history, variations in populations, and 
building technology, while predicting life losses. The 
exploration will indicate life losses and injuries which 
occur in different types of structures when exposed to 
severe earthquakes. 
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The exploration will be illustrated with results of a 
risk assessment for the metropolitan Memphis area. S This 
illustration w~ll be of interest to the reader since Memphis' 
risks are similar to risk in other cities. There, structures 
range from old to new and from large to small for each class 
of construction. Soil conditions vary from medium to poor, 
and the population approaches a million. The area has a 
seismic history since the 1811-12 earthquake at New Madrid, 
Mo. was felt very heavily there. 

SEISMIC DESIGN HISTORY 

In order to appreciate the probable response of existing 
buildings to severe earthquakes, it is informative to look 
backward at the design criteria that have been in effect 
over the past 70 years. 

Prior to 1950 seismology was in its formative stages, 
and there was no organized body of engineering information 
that defined seismic risk in the United States. 

Except in the western United States, the law has been 
silent on earthquake requirements. Not until after the Long 
Beach earthquake of 1933 did California pass the Field Act 
directed to providing safe school buildings. 

In 1949 the U.S. Coast & Geodetic Survey9 published its 
first "Earthquake Risk Map", Fig. 1. During the following 
years seismological activities increased at an extraordinary 
rate. In 1969 the U. S. Coast & Geodetic Survey published a 
second "Earthquake Risk Map", Fig. 1, compiled by Algermissenl. 
This second map indicated an increased risk in many geograph
ic areas, and also indicated an awakening to the reality of 
earthquake risks throughout this country. 

The public does not in general understand seismic lan
guage~ but everyone does understand the catastrophic message 
of falling buildings and many deaths. The translation from 
technical to lay language is best done through simulation 
analysis. Simulations start with data on magnitude, intensi
ty, time, construction and population, and end with life 
losses and injuries. Since the simulation process is rela
tively new, a short description will be given. 

RECURRENCE MODEL 

The first element used in a simulation is a "Recurrence 
Model" in which current and past seismic acitivities of a 
geologic area are summarized. A recurrence model expresses 
the seismicity of a geological area by defining the range 
of credible earthquakes, and the average frequency with 
which they have occurred in recorded history. 
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Figure 2 presents recurrence models for earthquakes in 
the New Madrid and Memphis area. These Were constructed by 
HoweS using the earthquake catalog of McClain and Myers7. 
The models indicate that an earthquake of intensity compara
ble to the great earthquake of Charleston, S.C. has a recur
rence rate of once in 150 years. 

CONSTRUCTION MODEL 

The seismic safety of a given city depends upon its con
struction. Thus, the second element required for a simula
tion is a construction model which identifies the amount, 
location, and quality of each type of construction through
out the city. 

Early seismologist ranked earthquake intensity in terms 
of visible manifestations and the damage to buildings was 
the major observation used. In the simulation process the 
sequence is reversed in that building damages and deaths are 
derived from Modified Mercalli (MM) intensity values. 

Loss of life is used to measure safety, but since deaths 
usually result from building damage, it is appropriate that 
a few brief comments be made on building damage. To facil
itate the simulation process construction is divided into 
four classes: structural steel frames are Class A, concrete 
frames are Class B, buildings with masonry bearing walls and 
piers are Class C, and wood framed residences with or with
out masonry veneers are Class D. The damage and danger 
associated with different classes of construction varies 
widely. Dutton 2 and ~reeman3 have pointed out the extreme 
damages to ordinary masonry construction during medium 
earthquakes. This makes Class C structures extremely danger
ous. Steinbrugge 8 , Hanson and Degenkolb4, and Freeman3 have 
described a wide range of damages to concrete structures in 
medium and severe earthquakes. When used as high-rise con
struction, one collapsing structure can bring many deaths as 
in Caracas. Wood frames, Class D residences, of good con
struction offer little danger to life even during severe 
earthquakes. 

Construction throughout the United States is essentially 
homogeneous and this condition is helpfUl to the risk 
analyst. From the records of earthquakes throughout the 
country, it is possible to draw an adequate picture of the 
degree of damage to different classes of construction for 
each intensity of earthquake. Uniformity of construction 
makes it possible to apply throughout the United States the 
mathematical parameters that define property damages and 
life losses, even when these parameters are derived from 
widely separated events. 
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POPULATION 

Because the question of seismic safety is to be answered 
in terms of people, population distributions are the third 
element used in this set of simulations. The distribution 
establishes a unique relation between people and type of 
structures at a chosen time. 

An earthquake may occur at any time point, and substan
tial losses may occur at many different time points. Simula
tion points are chosen to reflect significant population 
patterns and are defined in terms of the number of people 
occupying each type construction. Winter weekdays reflect 
the school and work population pattern, and winter nights 
reflect the residential pattern. For this paper a winter 
weekday pattern was chosen as the time point for illustration. 

Population distributions for Memphis in the years 1970 
and 2020 are shown in Fig. 3. Each population is distribu
ted first for day and night, and then subdistributed for each 
class of construction. For the full fifty year period it can 
be seen that Class D construction houses the greatest part of 
the po·pulation but the percentage is declining. The authorS 
recently surveyed a group of planners, demographers, and 
bankers and found that Americans are moving from the single 
family house toward multi-family structures. This group 
expects a three-fold to five-fold increase in apartment 
dwellings built of types A and B construction by the year 
2020. The "three fold tl change is shown in Fig. 3. Notice 
that in Class B the nighttime population increases from 3% to 
9%, and the daytime population increases from 9% in 1970 to 
22% in 2020. 

LIFE LOSS 

The next type of information that is needed in making a 
simulation is information related to life losses. 

Earthquakes of damaging intensities have occurred in 
many parts of the United States within the last 100 years. 
Engineers, insurance investigators, and seismologists have 
surveyed the striken areas. Their records indicate the form 
and degree of damage and life losses related to each type of 
construction. 

When making a risk study the analyst draws heavily from 
these records. Earthquakes of the chosen intensity, occur
ring where construction and soils are comparable to the sub
ject area, are used as references. As an example, an earth
quake of intensity 8.0 to 9.0 (~1) struck Long Beach, Calif. 
in the late afternoon of March 10, 1933. Much of the con
struction has been described by Marte1 6 as of poor quality 
Class C. In the area of poor conditions there were 48 deaths 
in a population of 142.000. Thus, for poor quality, Class C 
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construction, the specific mortality ratio occurring in the 
Long Beach earthquake was 34 deaths per 100,000 population. 
It can be estimated from this record that should an earth
quake of intensity 8.0 CMM) strike another area where 200,000 
people lived in poor quality masonry structures, 68 people 
would lose their lives. 

SIMULATIONS 

A simulation is a mathematical process by which a spec
ified set of initial conditions are hypothetically interacted 
in order to study the results. In preceding sections the 
elements or conditions for earthquake simulations have been 
described. They were earthquake recurrence, construction 
and population models, and life loss information or mortality 
ratios. Using these elements, simulations are made on the 
premise that a given type of construction, exposed to a given 
intensity earthquake, will perform substantially the same 
regardless of its time or place. 

The simulation for a given intensity is made by summing 
the life loss determination for each class of construction 
and population distribution as indicated by Equation 1. 

i 
n 
t 

LLi 
MRn 

neD 

~ EQ-l 

n == A 

Earthquake intensity 
Class of construction 
Time point 
Life loss for intensity 'i' 
Mortality ratio for construction In' 
during intensity 'i' 

Population within construction 

To illustrate a simulation the writer chose a week-
day morning in the year 2000 and the city of metropolitan 
Memphis, Tenn. The "Recurrence Model", Fig. 2, indicates 
that the maximum intensity expecte"d is 9.0 MM, which occurred 
during the 1811-12 earthquake; a recurrence of that event 
was assumed. A number of population projections have 
been recently made for Memphis and the consensus of the pro
jections indicates a population of about 1,300,000 in the 
year 2000. From the population distribution data shown in 
Fig. 3, the population in each class of construction was 
interpolated. This calculation indicates that 24% of the 
people will be in Class A construction, 18% in Class B, 13% 
in Class C, and 45% in Class D. Mortality ratios were 
derived from the San Fernando, Caracas and Anchorage earth
quakes. These simulation conditions are shown in Fig. 4. 
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The present Memphis building code, like many other 
cities, has no earthquake design requirements 0 The first 
simulation was made on the assumption that no code 
changes will be made. A second simulation was made 
assuming that construction of Classes A, B, and C buildings 
built after 1975 will be designed to Uniform Building Code 
1968-Zone 3 requirements. These two simulations are hence
forth veferred to as Option 1 and 2. 

Option 1 simulation indicates that under a severe earth
quake a total of 3620 people will die, and 16,000 will be so 
seriously injured as to require extended hospitalization. 
The distribution of deaths between different types of con
struction is shown in Fig 4; ie, Class A-too few to estimate; 
Class B - 2350; Class C - 1200; and Class D - 70. Thus, for 
20,000 people the city of Memphis, during a severe earth
quake, will not be safe if Memphians continue to build build
ings that are not designed to resist earthquakes. 

On the other hand, if Option 2 is chosen the city will 
be a great deal safer. If the building code is changed and 
all buildings, except Class D residences, built after 1975 
are designed and built for Uniform Building Code-Zone 3 
earthquake loading, the number of deaths can be cut in half. 
The death total can be reduced from 3620 to 1710. The number 
of deaths in Class B construction can be reduced from 23'50 to 
1400, and in Class C from 1200 to 240. 

If the number of deaths is used to index safety, the city 
designed and built to resist a severe earthquake is twice as 
safe as one that is not. Simulations show that if present 
building practices are continued, 1.5%of the population in a 
typical American city is in serious danger during a severe 
earthquake. The number of persons in serious danger can be 
reduced in half if new buildings are built to resist earth
quakes in a manner set forth in the Uniform Building Code 
of 1968. 

It is understandable that many people have asked why all 
buildings are not made earthquake resistant. The answer is 
that earthquake resistance adds substantially to building 
costs. 

EARTHQUAKE PROTECTION COSTS 

An in-depth treatment of earthquake protection costs is 
beyond the scope of this paper, but the omission of a few 
brief remarks about costs would be a disservice to the reader 
and to the general public. 

To provide Option 2 protection for the Memphis area would 
increase building costs over the next 24 years by about 
$280 million. S Since Memphis can reasonably be assumed to be 
a representative city, it is estimated that society must pay 
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about $150,000 for each life saved. The writer has found 
that most people are not willing to pay such a high price for 
protection against an earthquake, and are often strongly 
opposed to revising building ·codes to require earthquake 
resistant structures. 

The opposition to higher building costs arises from the 
fact that the frequency of severe earthquakes is too small to 
impress people. Also, there are other more pressing, even 
though less dramatically dangerous, needs competing for the 
same dollars. In addition, people inherently take risks 
rather than spend their money, especially when the probabil
ity of the loss is small. 

RESPONSIBILITY FOR PROTECTION 

Since the question to which this paper is addressed is 
"How safe are modern cities?", it is reasonable that a mean
ingful answer should pOint to who is responsible for that 
safety. Responsibility is shared by the seismologists, geol
ogist, the engineer, and the public. This interaction is 
illustrated by the Venn diagram in Fig. 5. 

The technical limits of safety are defined by the 
engineer, seismologists, and geologists and contributions of 
each are indicated by sets "S" and "E". The limits of safe
ty are thus defined by the union of these sets which form 
subset "G". But, society enjoys only a part of this poten
tial asset because society opposes higher building costs and 
funding is currently inadequate. Public willingness to 
provide additional funds for earthquake protection is gener
ally nil. This condition is schematically defined by set 
"MO" which corresponds to Option 1. Half of the unrealized 
potential can be enjoyed if society is willing to expand the 
funding set to "M 3" which reflects Option 2. 

Thus the final decision on seismic safety must be made 
by society in its own behalf. 

CONCLUSIONS 

This paper addresses the question of "How safe is a 
typical modern city during a severe earthquake?" and answers 
it with three conclusions: 

1. There is a substantial risk of death or serious 
injury to people living in a typical city in the 
United States. Simulation analysis indicates that 
as many as 1.5%of a city's population may be 
seriously injured or killed during a severe 
earthquake. 
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2. The engineering profession has the technical 
ability to design buildings that are many times 
safer than most of those being built. But, 
society in general has not shown a willingness 
to pay faT safer buildings. 

3. In our social system it is society who must make 
the final decision regarding its own safety. But 
it is appropriate that engineers and scientists 
speak out to the end that society can make an 
informed decision on so vital an issue as seismic 
safety. 
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EVALUATION OF GREEK STRONG MOTION RECORDS 

Summary 

P. G. CARYDIS J. G. SIDKOS 

Assistants at the National 
Technical University of Athens 

Greece 

In this paper the two horizontal components for everyone of four ra
ther strong Greek earthquakes are presented. For everyone recorded motion, 
the absolute acceleration, relative velocity and relative displacement re
sponse spectra are evaluated. Further, their ground acceleration, velocity 
and displacement as well as the energy flux are plotted as a function of 
time. In a separate table some information concerning these earthquakes are 
given, like the name, location and date of occurance, epicentral distance, 
magnitude, intensity, kind of soil, maximal values of the ground motions and 
their duration. 

Introduction 

The installation of the Strong Motion Network in Greece started at 1971, 
after the partlclpation of the country in the project "Survey of the Seismi-
city of the Balkan Region" under the program of UNESCO & UNDP offices. 
The total number of Strong Motion A~elerographs that will be installed befo
re the end of this year will be more than 20 units. All of them are of the 
same type SMA-I, except the one installed at Cephalonia which is SMAC-B 
type. 

From this network of Strong Motion Accelerographs, was possible to re
gister eight in total earthquake motions. For the first two earthquakes ever 
registered in Greece, namely these of Sept.17 and of Oct.30, 1972 at Cepha
Ionia, the two horizontal components of the ground acceleration was not pos
sible to be used accurately, due to some malfunction of the vertical compo
nent of the instrument. For the other six earthquakes all three components 
of the ground acceleration was possible to be recorded and to be used with 
confidence for further analysis. 

For everyone of the registered eight earthquakes some valuable infor
mation is presented in Table I. As it is shown in this Table, every earth
quake receives his name .from the region where the epicenter waslocated*,and 

* Better, from the region where the most damages occured. 
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this name is characterized by the two last digits of the year when the earth
quake occured, and further by his serial number of occurance within that 
year. Every component receives an identification after the above mentioned 
characteristic numbers, namely the letters "L", "TlI and "VlI for the compo
nent which is parallel to the longitudinal, tranversal and vertical axis of 
the instrument respectively. 

In Table I are given the location of the epicenter as is officially ca
sted by the National Observatory of Athens, as well as the local time of 
occurence of the earthquake. Further, the epicentral distance of the site of 
the accelerograph, the magnitude calculated from the surface waves and the 
epicentral Intensity according to the Mercalli scale as these are given by 
the NOA are also presented in Table I. It is well known that the soil fil
ters the seismic waves according to its elastic and non elastic characteri
stics. For this reason in the Table I the kind of soil for every recording 
site is given. For the sake of comparison the duration of every component 
of the recorded ground motions for accelerations higher than 10% of their ma
ximum acceleration is given in the last column of the same Table. 

The Background Theory 

It is well known that a seismic analysis of any kind of structure can 
be very well performed by the so called modal superposition method,when the 
behavior of the structure is expected to be at the most linear. As an inevi
table result of the application of this method of analysis is the use of the 
response spectra as this has been elsewhere theoretically proved [4J*. 

Since the aseismic regulations deal with the linear behavior of struc
tures,or are basically refered to that ,the response spectra are established 
as the basic reference for the study'of an earthquake from the structural en
gineering point of view and for the rational development of the various asei
smic codes as well. 

The behavior of a multidegree of freedom elastic system,subjected to e
arthquake ground motion is given [4] by the solution of the differential equ
ations: 

where: [m] and {m} 

[el 
[K} 

[m] {v}+[e] {v}+[K] {v} =-y{m} 
are the diagonal and column vector mass matrices of the 
system respectively 
the damping matrix 
the stiffness matrix 

{v} ,{v} ,un the 90lumn vector of the displacements ,velocities and 
celerations of the various levels of the system and 
is the ground seismic acceleration as input motion to 
elastic system. 

ac-

y the 

Introducing the well known transformation for every level i: 

v.(t) = ~ ~. lj; y (t) 
~ r-1 lr r r 

(2) 

where: ~. lr 
are the normalized half amplitudes of the r mode 

,}, the 
't'r 

y (t) the 
r tor 

participation factor of the r mode and 

dynamic translation of a single degree of freedom oscilla
of cyclic frequency wand damping ratio s . 

r r 

* Numbers in brackets corresponds to the bibliography,given at the end of 
this paper. 
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Exoanding eq.(2) one receives the time histories of the transla-
tions v.(t), but this is a time consuming process,while the engineering 
applicafions only maximum probable values are of main importance. Thus the 
folloNing relation is proposed in [5! and elsewhere. 

I n 2 
maxv.(t) = I (~. ~ maxy (t)) (3) 

l r=l lr r r 

The maxyr(t) is given [4] after the solution of the equation: 

y (t)+2~w y (t)+w2y (t) = -yet) 
r r r r r 

(4) 

From eq.(4) one concludes that Yret) depends,besides the y(t),on the 
values of ~ and Wr. For five different values of the damping ratio,for a wi
de range of probable frequencies that can appear in an engineering structure 
and for every ground motion yet) the maxYr(t) have been plotted against the 
periods of oscillation Tr = 2n/wr . These curves, i.c.the response spectra, 
for the Greek shocks yet) are presented in this paper, and briefly explained 
in the fOllowing. 

Evaluation of the Response Spectra 

In order to calculate the 
and computer programs [6] have 
using a Hewlett Packard 
vals. 

maximum spectral values, standard techniques 
been used. The digitization was done 

manual digitizer, with unequal time inter-

A fundamental preliminary task was the baseline correction,due to some 
errors that could interfere during the recording,the development and digiti
zation. This correction has been performed after A.G.Brady [1] and [6J with 
the use of a parabolic baseline. 

The time duration of the ground motions for the computation of response 
spectra was taken longer than that shown in Table I, but eventhough this is 
relatively short. The digitized points for almost every record were more 
than 1000, corresponding to more than 120 points per second. After the abo
vementioned baseline correction, the corrected ground acceleration,velocity 
and displacement were computed. The maximum values of these quantities are 
shown at the respective columns of Table I. 

Only four of the earthquakes that have been registered until now in 
Greece, has been possible to be evaluated at present. These 
earthquakes are: the main shock of the Cephalonia event of Sept.17,1972,and 
the two shocks, separate from each other with 20m time difference, those of 
the Leukas events of Nov.4 ,1973, and fourth, the Patras event of Jan. 29, 
1974. 

In Fig.l the absolute acceleration response spectra are shown for the 
two horizontal components of everyone of the abovementioned first three 
events, and for 0% and 5% damping ratios respectively (upper and lower part 
of the figure). In Fig.2 the relative velocity response spectra are given 
corresponding to the abovementioned events and for the same damping ratios, 
I'lhile the same yields for Fig.3 where the relative displacement response spe
ctra are presented. Finally, for the two horizontal components of the Patras 
event of Jan.29,1974,the absolute acceleration response spectra are presen
ted in Fig.4. As far as the ground shaking concerns its corrected accelera
tion, and after one integration its velocity and further its displacement 
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time histories are given in Figs 5,6 and 7 for everyone horizontal compo
nent of the three earthquakes respectively. 

In Fig.S the energy flux or action of everyone of these componentsha
ve been plotted, since the authors believe that this quantity is a special 
feature of every earthquake shock,because figures out the way that the earth
quake energy is released,being very important for seismic structures,as this 
has been first presented in [5J, 1968. 

Finally in Fig.9 the ground acceleration,velocity,displacement and ener
gy flux is shown for both horizontal components of the Patras event. 

Con c 1 u s ion s 

Although the Leukas (73-1) earthquake,being one of the five strongest 
ever recorded [2J ground accelerations ,shows peak acceleration equal to O. 54g 
which is more than three times higher than that of the Cephalonia (72-1) ear
thquake,its maximum undamped spectral acceleration has been found to be just 
1.6 times higher than the latter one. This relation changes completely,when 
it is refered to damped spectral curves. This could be nicely explained by 
the following two reasons: One is the mechanism of the earthquake energy re
lease and the other is the frequency content of every shock. 

a) The cuves of the energy fluxes according to [3J give the picture of 
the way that the earthquake energy is released. The Cephalonia (72-1) event 
shows more constant energy release per unit of time,which according to [3J 
means a more sinusoidal character,evidently resulting to higher undamped spe
ctral values. The energy release during the Leukas (73-1) event is done at 
one or two separate shocks ,which has not relation [3J with any sinusoidal 
character,resulting thus to relatively smaller undamped spectral values. 

b) The frequency content fo the abovementioned ground motions has a re
lation to item a) and to the soil quality,since the epicentral distance is 
almost the same. The soil where the seismograph at Cephalonia has been in
stalled is rather hard,while that of Leukas is rather soft.To this fact co
uld rely the reason of the quick dampening of the Cephalonia spectral values. 

It must be noted here that not any substantial damage has been reported 
for the Leukas earthquake of peak acceleration equal to O.54g. 

The explanation given at the above item b) yields also for the differen
ce at the frequency content between the Leukas (73-2) and Patras (74-1) ear
thquakes. The soil at Patras is rather hard. To this fact may rely the great 
difference between their curves of the total earthquake energy release, ha
ving a ratio B:l,though these two earthquakes show almost the same peak acce
rations. 

A great similarity can be drawn for the Leukas (73-1) and the Parkfield 
[7J earthquake. These two events show almost the same shape of the curve of 
the energy flux,as well as the same maximum value,with almost the same time 
duration,maximum ground acceleration and velocity. 

From the analysis given above ,one could conclude that neither the sole 
accelerogram nor the spectral diagrams are adequate data for the complete 
configuration of the character of an earthquake. The curve that shows the 
way of the earthquake energy release could be a very helpful feature after 
a comprehensive engineering judgment [3J. 
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TABLE I 

NAME- LOCATION-DATE 6- COMPONj max y. max Y. max y. Duration 
l1li5 Ie SOIL 

cm sec2 cm sec'" l()O/"max lb Ir.m I DENT. em see 

72-1 E-wft2-1L 170 8 1.e ~ 

CEPHALONIA SEPT. 17.1972 Limc-
N-S/72-H 

l~h 07m,~s 
18 6.2 w: stone 

120 5 t.7 8 

38.2" N , 20.~· E i/72-lV 

72 -2 E-w/n-2 165 6 

CEPHALONIA OCT. 30.1072 Li me-

14h 32m 10
5 

22 5.5 Y stone N-s/72-2T 70 e 

38.3· N , 20.4° E zjn-2v 

73-1 N25·W/ 
530 65 26.8 9 

SCtura· .... , 
73-1L 

LEUKAS NOV. 4. 1973 

~ N 65" E/ 20 6.0 263 30 12 12.5 
15h 52 m 145 Alluvium 73-1 T 

38· 46' 48· N, 20° 33 00 E 1/73-1V 123 7.3 6.4 13 

73- 2 N 2S·W/ 
~O 2.5 3.5 16 73-2L 

LEUKAS NOV. 4. 1973 ~turated N 6S"E/ 
16h 1,m 385 12 5.0 82 5.1 3.2 13 

Alluvium 73 -2 T 

38" 45' 36' N
J 

. ' H 

r./73-2V 20 39 OOE 27 2.3 2.3 15 

74-1 N5G· E/ 
74-1L 

41 1.5 0.6 7 

PATRAS JAN. 29.1974 y. /Alluvium N 34·W/ 
1Sh 12m 43~ 

17 4.4 40 2.1 1.1 7 
74-H 

38.3" N r 

. 
r/74-1V 22.0 E 22 0.9 0.15 9 

75 -1 N 56" E/ 
21 14 

75 -lL 
PATRAS APR. 4. 1975 

N34·W/ 
ash 18 5 32 5.5 "i[ Alluvium 46 14 16 m 75 ... 1T 

38.'" N I 22.1· E i!7S-tv 20 14 

75 -2 E/75-2L 74 6.5 
XYLOI(ASTRON MAY. 13..1975 

!Alluvium 
OOh 22m 50 5 15 4.3 Jr. 

N/75-2T 60 6.5 

38.2" N, 22.7· E 
1./75-2V 26 6.5 

75-3 N 35° EI 27 14 
75-3 L 

CORINTHOS OCT. 12. 1975 
N 55· WI 

OSh 23 m 10$ 
1 6 5.0 1l[ Alluvium 

75-3T 
30 14 

37.9·N, 23.1· E 
1./75 -3~ 19 14 
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INTERNATIONAL SYMPOSIUM ON 
EARTHQUAKE STRUCTURAL ENGINEERING 

SI. Louis, Missouri, USA, August, 1976 

BEHAVIOR OF REINFORCED CCHOFE"fE STRUGTtmES 

DURING THE HANAGUA. Ei\RT~-IQUAKE 

by 

Gabriel Estrada-Uribe, Ph.D., P "E .. 

Consulting Engineer, Bogota, Colombia. 

Build:illgs in Managua may be considered typical of the present practice in 
many other sei~c areas around the world. The strong earthquake that 
destroyed Managua for the second time on December 23, 1972 provides a 
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means of evaluating such practice as well as some code provisionso The 1972 
hanagua ear~hquake ha$ established by itself a new standard for building 
structures in seismic countries" 

The author flew to hanagua few hours after the occurrence of the earthquake 
and stayed there for several weeks inspecting a number of buildings. He 
turned in reports to the Nicaraguan government, concerning sixteen of the 
most important buildings. IIe was one of the seven international experts 
nominated by the government of Nicaragua to·write the Antiseismic Building 
Code for Hanagua. He brought back with him a number of samples of construc
tion materials currently us ed in lVianagua ana subjected them to a series 
of physical as well as chemical tests o 

The experience that the author gathered on the site, and the results of the 
laboratory tests are presentedo The characteristics of the earthquake and 
the ground acceleration in the cijy are discussed. Typical failures of 
reinforced-concrete structures are illustrated to show the advantages and 
disadvantages of design and construction practices currently used in 
several seismiC areas around the world, and the need for revising such 
procedures. 

* * ~< 

Although Nicaragua did not haVe its own building code before the 
earthquake -there is one now (1) ... , construction in I·ianagua and in the rest 
of the nation followed some of the regulations (2,3) currently used in 
other countries. Therefore, analysis, design and construction procedures 
used in Nanagua are, in some respect, typical of the present practice in 
many other seismic areas. The strong earthquake that destroyed lhnagua for 
the second time on vecember 23, 1972 provides a means of evaluating such 
standard practices* 

An investigation (4) of the damage suffered by some reinforced con
crete structures in Managua indicates the need for re-examining the state 

Preceding page blank 
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of the art as far as methods of analysis, design procedures, construction 
techniques, and regulations are concerned. The 1972 Hanagua earthquake has 
established by itself a ne standard for building structures in seismic 
countries. 

Following a smmnar,r of the characteristics of the earthquake motion, 
a few cases are discussed and illustrated by photographs which show typi
cal actual ways of failure in reinforced concrete structures subjected to 
high seismic loads and particularly to strong vertical accelerations. 

THE EARTHQUAKE. In spite of the fact that Eanagua is located in an 
active volcanic area, the earthquake that destroyed the City last Christ
mas Eve was of tectonic rather than volcanic nature and had its origin in 
the various geological faults that surround and cross the City. The epicen
ter was located near downtown Managua, and the focal depth ranged between 
12 and IS kilometers. From the accelerograms recorded at La Refineria, 6 
km. west of the center of the city, it was possible to measure maxUITWm 
ground acceleration peaks of 0.35 g on the horizontal component and 0.28 g 
on the vertical componento Such values correspond to a Righter ma6nitude 
of 6.8 degrees, and to a calculated intensity (4) of 9.1 degrees in the 
Modified Mercalli Intensity Scale. The corresponding released energy was 
figured out as 1022 ergs. 

Originally, the ground acceleration near the epicenter was believed to 
be around 0.5 g, but some calculations (4) performed on seven simple oscil~ 
lato~ systems located at various places showed that the maximum value of 
0.35 g held for most of the city. The very large vertical and horizontal 
accelerations, the shallow focus, arId the location of the epicenter so close 
to the City, besides poor construction and materials, caused the collapse 
of almost 80 percent of Nanagua. 

TRE BUILDINGS. Other than few steel structures and the very popular 
adobe construction, most buildings and homes had a reinforced concrete 
structure of soma sort. Frames and shear-wall cores were ver,r common in 
medium and tall builcUngs, lmereas reinforced masonry was used in the 
majority of one- and two-story aomes. The behavior of several of such 
reinforced concrete structures under this particular earthquake loads is 
discussed hereinaftero 

Columns and shear "1'8.11s o Very often, structures are de.signed for 
vertical accelerations of half or less the corresponding horizontal values, 
and some times those axial dynamic effects are completely neglectedo How
ever, the l~anagua experience showed how important vertical accelerations 
are ~nen they can reach values of 80 percent of the horizontal maximao·Of 
course, the lareest effect of vertical accelerations is to increase axial 
loads and bending moments in columns. A vertical acceleration of 0.28 g 
produces considerable additional axial forces that can reach figures beyond 
the reserve strength provided by the static safety factor (5). Indeed, such 
vertical accelerations lvere, to some extent, responsible for the fact that 
many structures in !'Ianagua collapsed due to failures in the colu,"llIls. A few 
first and top stories disappeared completely because of disintegration of 
the columns. 

Tied columns of various cross sections were the most commonly used. 
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Fig. 1 shows a campanile composed of five triangular-section tied columns 
at Santo Domingo church, downtown Nanagua. The columns were connected to 
each other at different heights by beams that also served as supports for 
the bells9 At the top of the longest columns there was a 6 meter tall re
inforced concrete cross which failed in bending at the bottom section due 
to large inertia forces developed there, and leaned westward approximately 
40°. The longitudinal reinf~rcp.me!1t at that secti~ wa.s 18 bars 905 mm. 
in diameter. For 2815 kg! em steeI and 210 kg! em concrete as indicated 
by a Schmidt test hammer, the ultimate moment capacity calculated using 
fast-loading stress-strain curves (6) is 178 tons-em. To make the section 
fail a force of 00 245 tons had to be applied at the center of gravity of 
the cross. Therefore, the acceleration at the base of the cross was 0.511 g. 

The average stiffness of each column "..as calculated as 0.74 tonI¥' cmo 
Consequently, the corresponding natural frequency of the continuous sys
tem is 1044 Hz. Using the pseudo-velocity spectrum for EI Centro, 1940 
earthquake that had approximately the same acceleration peak as the }1anagua, 
1972 earthquake, and assuming a 5 % damping, an amplification factor of 10 6 
is obtained~ Therefore, the acceleration at the base of the columns, i.e~ 
the ground acceleration at that place .vas 09 32 g 'i'lhich agrees closely with 
the values recorded at La Refineria seismological station. 

These tied columns behaved within the elastic limit and did not show 
any cracks. On the other hand, all of the short beams co:rmecting them failed 
at the joints. rreinforced concrete columns in earthquake resistant struc
tures Trust have adequate transverse reinforcement 9i ther as ties or as a 
continuous spiral to provide both a good confinement of the core and enough 
ductility in the membero In general, when this requirements are satisfied 
so is the shear strength of the coluran. 

J?ig. 2 shows a typical column at the Pureza de Bacia SchooL These 
ties were scarce and equal~ spaced along the colu~ They were obviously 
ineffective to provide adequate confinement of the core. Such a failure 
may be hopefUlly avoided in the future with the new and more rigorous 
regulations (1,2). 

The column shown in Fig. 3 had ties so widely spaced that did not have 
even the necessary shear strength. This column was located in the third floor 
of the four-stor,y building under construction at the Universidad Centroameri
cana campus on the outskirts of the city~ The first two floors already had 
reinforced masonry partitions that made the frame stiffer there than in the 
last two stories~ i'he lack of such walls and, of course, the lack of ade

quate transverse reinforcement caused the shearing off of all the columns 
in the third floor in the .same way shown in ?ig. 3. 

Unfortunately, very few structures had spiral columnso Figo 4 shows 
a typical spiral reinforced concrete column in the first floor of the 
Autcmotriz building o The large bending moments concentrated at the bottom 
end of the column cased the shell to spall off but the core resisted it 
without damage because of the confinement provided by the closely spaced 
spiral reinforcemento The building located downtown on Roosevelt ~ve. 
had minor damage. Spiral columns proved very effective in earthquake 
resistant structures. 
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On the other hand, the circular hollow columns at the entrance of the 
D:j.stri to Nacional building did not have a core to confine, so when the shell 
spalled ot! the entire column collapsed as shown in Fig~ .5. Evidently, this 
type of columns are not appropriate for earthquake zones~ 

Most tall buildings in Managua had composite frame-shear wall structu
ral ~stems. The majority of failures occured in the columns as discussed 
earlier, but it was not rare to find serious cracks in the shear wall cores, 
though" Typical shear-wall failures are shown in Figs. 6 and 7. The fonner 
shows a compression failure in the shear wall core in ths first floor of the 
6-stor,y Enaluf building near the Tiscapa flooded crater. The shear-wa1l core 
~s a 3 x 6 meter reinforced concrete shaft that housed the elevators. It 
behaved as a cantilever beam under lateral load, and, thus, opposite core 
faces in the E~ direction acted as compression and tension fibers. Conse
quently, the east face of the wall in the first floor had a tension failure 
Whereas the west face (Fig. 6) failed in compression. Altough later load 
reversals ~~dened the cracks, the buckling of the bars is still noticeable 
in the photograph. Typical bending shear cracks were found in the north 
and south faces of the core in the first three £1oors4 

Fig. 7 corresponds to an upper left corner of the south face of the 
shear-wall core at the 6-story Palacio de Justicia. The crack occured in 
the first floor and was the only one observed after inspecting the shear 
wall core up to the top floor. It was evidently a local failure most probably 
caused by poor concrete vibration during construction. 

Reinforced concrete beams. It is obviously preferred to have the 
formation of plastiC hinges and the occurrence of cracks and failures 
in the beams rather than in the columns. A few Cases of beam failures 
were observed in Managua. One of such failures occurred a.t the Bank of 
il.merica building, the tallest in the city -19 stories-. The structure 
consists of 4 shear-wall cores connected by stiff beams and arranged in 
a tube.fashion. In the outside, there are columns forming an exterior 
tube. he beams connecting the cores had an openning for aircondition1ng 
ducts a.t midspan and failed as shown in Fig. 8 due to the high vertical 
shear stresses developed there4 Notice a few broken stirrups in the 
photograph. 

Fig. 9 shows another typical failure that happened in the first 
story beams of the 8-story Telcor building. The beams span 13 meters 
between the two exterior columns. The high stresses in the beams were 
caused by the horizontal torsion due to the as.ymmetrical stiffness distri
bution. The fonnation of those cracks was governed by local shear stres
ses rather than by bending moments and thus cannot be considered as 
plastio hinges. 

Next door to the Telcor building there was a two-stor,r reinforced 
concrete frame that housed the machinery of La Prensa daily. The hollow 
clay-block filler walls broke down cOlllpletely letting the frame go for 
large deformations. Since most of the energy was released through plastic 
deformations the frame remained in a "frozentl defonned shape as shown in 
Fig .. 10. 'rhis shows how pure bending plastic hinges formed in the beams 
at approximately the quarter points, indicating the need for adequate 
reinforcement at those places where the bars are usually bent up or cut off. 
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The colunms did not suffer any damage .. The frame shown has only two spans 
and "mat seems to be slender columns at midspan are just broken remainings 
of the reinforced masonry walls 0 Such II columnslt did not restrict the bending 
of the beams since they were at the points of contrafiexure. 1\s far as the 
location of the plastic hinges is concerned, the behavior of the structure 
was proper: plastic hinges should never occur in the columnse 

Beam-column connections. Hany structures had the weakest link in the 
beam-column connections. That was the case of Los Sagrados Corazones buil
ding under construction downtown l·lanagua.. The two-story reinforced concrete 
frame shown in Fig. 11 collapsed for the joints were unable t,o resist the 
bending moments produced by the high lateral inertia forceso The importance 
of a good connection detailing cannot be over emphasizedo Those structures 
that had drop panels at the joints showed none or very little damageo How
ever, some of them had construction joints in the columns right underneath 
the drop panel making it completely uslesso 

Anchorage. Because of the lack of anchorage in Lhe reinforcement, ma~ 
reinforced concrete and reinforced masonry structures collapsedo 'l'hat lIaS 

the cause, for instance, of the auditorium of the Central Bank building on 
Roosevelt Ave. Fig. 12 sho\1s the auditorium and part of the 14-story buil
ding" There was a deep ring beam supporting the roof. Due to the high ver
tical accelerations the bars in the columns supporting the beams pulled 
outo Then, the free beam moved away from the columns making the whole roof 
collapse. Fig. 13 sho.re a detail of the beam-colum connectiono 

In the same fashion, reinforced lmsonry ,JaIls anchored to colunms felt 
down because of the pulling out of the bars o Typical of such coronion failure: 
is the one shown in Fig. 14 that occurred at the Don Bosco canterQ In many 
other buildings that had no structural damage, such uminor" collapse of 

'1' partition walls and ceilings caused a large number of deadths. he same 
happened with appendages that were not properly anchored;to the main struc
tureo 

Stairways~ ~here we~ serious failures in some stairways endangering 
the lives of many people that crowded there to evacuate the buildings Q The 
maj ori ty of such failures were due to the same mistake in detailing the 
reinforcement. A typical stairway failure at the Social Security building 
is shown in Figo 15. The bottom bars had been bent following the bottom 
face of the stairvlaYo Then, as a result of the bending IDOOlents induced by 
the lateral forces the bars made the cover spall off, turned loose and 
caused the failure of the concrete cross section due to the corresponding 
increase in depth to the neutral axis. After the earthquake, the stairway 
was pending from the steel bars and could barely support any vertical 
loads. Altough there was not any damage in the rest of the builcIing there 
was no security at all to evacuate it in such an event3 particularly under 
the panic developede 

Shell roofs~ Very few of the reinforced concrete shell structures 
collapsed in Hanagua. .. 'rhey proved that the strength derived from their 
shape was adequate even when subjected to lare;e horizontal as well as 
vertical loads o The onesthat collapsed did so because of failures in the 
supports. '.che cylindrical shell roof shown in:.!'ig. 1, for instance; re
sisted the earthquake without any d.a1Y'age except for the cantilever sec-
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tion that failed due to the large vertical inertia forces acting on it .. 
That cantilever was supported only by the tledge ll beams and had not the 
additional strength provided by the shape action of the shell .. 

Precast memberse Once again, the danger of insuficient connections 
between precast members and their supporting structures was disclosed. A 
large number of new homes at the Oiudad Jardl.n development in Nanagua had 
precast concrete roof slabs anchored to the masonry walls. 'fhe high iner
tia forces acting on the heavy slabs made them breake the anchors, slide 
10 to 20 em. in both horizontal directions and fall down in the living 
roam as shown in Fig. 16. Had the homes been ocupied already l~ people 
would had been killed the reo 

CONCLUSIONS. '.l:he earthquake that occurred in l~anagua on :Jecember 23, 
1972 has establiShed a new standard for building structures in seismic 
zones'.and shoued the need for reexaminimg current analysis, design and 
construction trends as well as present regulations .. The .following general 
conclusions and recomnendations for earthquake resistant reinforced con
crete structures may be drawn from the previous discussion and photographs: 

1. ~ ertical accelerations equal to 80 percent of the horizontal maxima 
should always be taken into account in the design processo 

20 Adequate transverse reinforcement should be provided in columna 
either as closely spaced ties or spiral to assure a good confinement of 
the core and enough ductility in the member.iVhereas spiral columns proved 
very effective for earthquake loads, hollow columns are not recommended 
for seismic zones even if spiraly reinforced. 

30 Shear walls should be designed and checked for proper beam action 
during severe earthquakes. 

40 Plastic hinges should occur in the beruas rather than in the co
lumns; adequate reinforcement should be provided at the points Tdhere those 
hinges are expected to occur .. 

50 The importance of a good beam-column connection design and detailing 
cannot be over emphasized. Drop panels help achieve good earthquake resistant 
connections .. 

6" 'rhe safety of the structure depends largely upon the adequate an
ch)rage of reinforcement, partition 1valls and appendages o Stairways are 
very important in the event of a strong earthquake and should be designed 
and detailed accordingly. 

70 Reinforced concrete shells are excellent for ea~~hquake zones pro
vided the supportine structures do not fail or suffer large deformationso 
~recast members need very good connections to supporting structureso 
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1. jJecree 90 of January IS" 1973 based on the Bill Proposal "Nonnas de 
J!Xnergencia para Diseffo Antisismico de la Ciudad de 1'Ilanaguall (tiEmer ... 
gency Regula.tions for Antiseismic Design of Managua") prepared by 
the International Consulting Committee nominated by the Goverrnnent 
of Nicaragua as follows: Dr. Luis Esteva, Ing. Enrique del Valle 
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Ing~ Jose Adolfo Pena, Ing. Jose Luis Alonso (Venezuela), and 
Dro Gabriel Estrada-Uribe (Colombia)o 

20 ACI Committee 31B" "Building Code Requirements for li.einforced Gon
crete Struetures", American Concrete Institute, 1971. 

3. "Recommended Lateral Force: Requirements and Commentarylt, Structural 
Engineers Association of California, 1968. 

4~ Gabriel h:strada-Uribe, l'lanagua A.ntisismica, 1st. edition, Golciencias, 
BogotA, 1973, 230 pp. 

5" RoC. Reese, IISafety Requirements in structural Design and .l\CI 318-71tt , 

ACI Journal, Proceedings Vo 70, No.3, Farch 1973, pp. 190-198. 

6. G. ~'iinter, L.C. Urqu.hart~ et al .. , Desif; of Reinforced Goncrete Struc
~, 7th edo, HcGraw-H~ll, NS., 1960 
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Fig. I Collapsed shell roof and cross 
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Figc 2 Failure of tied column 

?igo 3 Sheared off column 
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]!'ig .. 4 SpiraJ. rein.forced column 

Fig~ 5 Hollow colUlllIl 



1104 

J:'ig. 6 Compression failure in shear 1'18.11 core 

Fig. 7 Poorly vibrated concrete 
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Fig. 8 Failure of beams connecting shear wall cores 

Fie. 9 Shear flexural cracks 
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Fig.. 10 ItFrozen" deformed shape of frame 

Fig. 11 Collapsed frame under construction 
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Fig. l2 Collapsed auditorium roof 

Fige l3 Anchorage failure 
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Li'ig. 14 Pull out failure 

Fig. 15 Collapsed stairway 

Fig. 16 Failure of precast roof slabs 
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Pasadena, California 

Several methoGs for evaluating the site response during 
earthquakes are presently available. Most of these methods 
are based on the assumption that the site response is induced 
by the upward propogation of shear waves from the underlying 
bedrock. However, the question of how accurate these methods 
can predict the site response has not yet been substantiated 
by using actual recorded bedrock and surface motions for 
comparison. 
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Following the San Fernando Earthquake of 1971, the Metro
politan Water District of Southern California initiated a study 
to evaluate the earthquake damage at Joseph Jensen Filtration 
Plant, nea·r Sylmar, California (7). Part of that study was to 
monitor aftershocks. A number of rock and ground motion time 
histories were obtained and the soil profiles of these record
ing stations were evaluated by field exploration. 

A site response study was performed using these actually 
recorded bedrock and surface motions, and the popular shear 
wave propogation technique developed by Schnabel, Lysmer and 
Seed(2) was used in site response calculation. The result of 
this study indicates that this technique does predict different 
site response than those actually recorded. However, it should 
be realized that the technique developed by (2) is still a valu
able tool in site response analysis to date. It is also con
cluded that engineering experience and profound judgment are 
still important factors in evaluating site response under earth
quake loadings. 

INTRODUCTION 

The response of a soil deposit near the ground surface dur
ing an earthquake plays an important role in seismic design of 
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structures to be situated on that soil deposit. Several methods 
for evaluating the site response during earthquakes are presently 
available (e.g., Tsai(l) and Schnabel, Lysmer and Seed(2». Most 
of these methods are based on the assumption that the site responses 
to an upward propogation of shear waves from the underlying bedrock. 
The purpose of this paper is to compare the accuracy of one of 
these methods using recorded bedrock and ground surface motions. 

Following the San Fernando Earthquake of 1971, the Metropoli
tan Water District of Southern California initiated a study to 
evaluate the earthquake damage at Joseph Jensen Filtration Plant, 
near Sylmar, California (7) . As the part of that study, two strong 
motion accelerometers were installed at the site. Instrument No. 1 
was located on a cut section of sedimentary rock (Saugus formation) 
and Instrument No. 2 was installed on the soil deposit. The hori
zontal distance between these two instruments is 1200 feet. Figure 
la shows the geotechnical profile on which the No. 2 earthquake 
instrument was located. The subsurface material properties shown 
in this figure were derived from field exploration and laboratory 
tests. 

The proximity of the instruments enable obtaining both the 
outcropping rock and surface soil earthquake motions, and thereby 
provided a unique situation for evaluating the site response using 
the existing techniques mentioned above. Eleven aftershocks were 
recorded at the site between March 6 to April 15, 1971. The 
strongest aftershock recorded during this period was selected for 
the purpose of this study and its characteristics were tabulated 
in Table 1 shown as follows: 

TABLE 1 

EARTHQUAKE CHARACTERISTICS 

Maximum Acceleration 
(in g's) 

_. --

Epicenter Instrument No. 1 Instrument No. 2 
Date of Richter Distance (Sedimentation Rock) (Fill) 
Event Magnitude (Miles) E-W V W-S E-W V 

3/31/71 4.9 4.5 0.095 0.075 0.075 0.111 0.087 

The recorded time history motions are presented in Figure 2 
and the horizontal components are used in this study. The study 
involved the following two stages: 

1. Using a measured rock motion at Instrument No. 1 as 
input to the bottom of the geotechnical profile at 
Instrument No.2, ground surface motions were calcu
lated, assuming the motion propogates upwards. The 
calculated ground motions were then compared with 
those recorded at the surface; and 

N-S 

n _ j : 
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2. Using the measured ground motions at Instrument No. 2 
as input to the top of the geotechnical profile and 
apply the deconvolution technique, the bedrock motions 
were calculated, assuming the motion propogates down
ward to the bottom of the geotechnical profile (bedrock). 
The calculated bedrock motions were then compared with 
those actually recorded rock motionso 

The computer program SHAKE developed by Schnabel, Lysmer and 
Seed(2) is used to carry out the computation mentioned above. 

SITE RESPONSE ANALYSIS 

The procedure of £ite response analysis used in this study can 
be illustrated by the flow chart shown in Figure 3. 

The site response of geotechnical profile shown in Figure la was 
carried out using the recorded rock motions (E-W and N-S) as in
put to the base of this profile, and the ground surface responses 
were calculated using computer program SHAKE. The calculated and 
recorded acceleration and velocity spectra were compared and 
results were presented in Figures 4 and 5. The comparison indi
cated that the calculated response was substantially different 
from the one recorded. 

Realizing that the site response is sensitive to its soil prop
erties assigned, and in order to consider the possible variation 
in soil properties evaluated, three more cases (Cases 2, 3 and 
4) are also investigated. Case 2 represented the site response 
of geotechnical profile and its soil properties in Figure la with 
a 20 percent reduction in shear wave velocity (Vs )' Using the 
recorded bedrock motion as input to the base of that profile, 
the ground surface response was calculated and the result of 
calculated and recorded acceleration response spectra were com
pared as shown in Figure 6. Cases 3 and 4 represent the same 
situation as Case 2 except that Case 3 (Figure 7) represented 
the site response as a result of 20 percent increase in shear 
wave velocity and Case 4 (Figure 8) represented the site response 
as a result in changing the relative density (Dy )' Both cases 
indicated that the calculated site'response was substantially 
different from the recorded response. 

The procedure shown in Figure 3 also indicates that when 
ground surface motion is defined, the bedrock motion can also 
be calculated by so-called deconvolution process(2). In this 
study, the ground surface motions (E-W, N-S) recorded at Instru
ment No. 2 were used as input to the top of geotechnical profile 
shown in Figure la and the base rock responses were calculated 
using computer program SHAKE. The calculated and recorded bed
rock acceleration response spectra were compared and results were 
presented in Figures 10 (E-W) and 11 (N-S). The comparison also 
indicated that the calculated bedrock response does not agree 
with those recorded. 
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It should be noted that the soil conditions at which Instru
ment No. 2 was located were also investigated by other consulting 
firms (3) and the result was presented in Figure lb. The response 
of this profile was also analyzed using the E-W component of the 
recorded earthquake following the same procedure as described in 
Case 1. The calculated ground acceleration response spectra were 
then compared with those recorded (see Figure 9) and the result 
also indicated that the ca~culated responses do not reasonably 
match those recorded. 

In order to examine the dynamic characteristics of recorded 
and calculated earthquakes, the so-called PAD (Period-Amplitude
Duration) diagrams (4, 5) were constructed and results were shown 
in Figures 12 and 13. Since the dynamic characteristics (fre
quency content, load cycle and the amplitude, etc.) of calculated 
and recorded earthquakes are indeed substantially different, it 
illustrated the reason why the calculated responses were different 
from those recorded. 

SUMMARY AND CONCLUSION 

In examining these cases studied in this paper, the results 
can be summarized as follows: 

1. The results of the calculated site response (accel
eration and velocity) are higher than those actually 
recorded. The difference in maximum response ranging 
from 50 to 100 percent or more (see Table 3). 

2. The dominant periods (the period at which the maximum 
response acceleration occurred) predicted by calculated 
earthquakes are, in general, higher than those actually 
recorded (e.g., see Figures 4, 7 and Table 3). However, 
in some cases, they are reasonably close enough to be 
acceptable (e.g., Figures 5, 9 and Table 3). 

3. Based on the spectrum intensity (SI) concept defined 
as the area under the velocity response spectrum by 
Housner(6), which can be related to the intensity of 
shaking as regarding effects on structures, the results 
of this study indicated that the spectrum intensities 
of calculated earthquakes are about 40 percent higher 
than those actually recorded (see Table 2). This 
implies that the earthquakes derived by SHAKE could 
over-estimate the intensity of shaking on soils as 
well as on structures. 

4. The " s trongness" of those calculated earthquakes rela
tive to those actually recorded ones had been demon
strated by PAD diagrams (see Figures 12 and 13). For 
example, when appropriate amplitude scales are used, 
one can realize that the calculated motions are clearly 
stronger than those recorded ones, therefore substan
tiate the reason why the calculated responses were 
greater than those recorded. 



In conclusion, the authors realized that more study is 
needed before any definite conclusion can be reached. The 
authors intend to continue this type of study using other 
available earthquake information and also to examine other 
available techniques in site response analysis. 
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However, it is reasonable to conclude that, based on the 
study performed in this paper, the technique developed in 
Reference 2 does predict somewhat different site response than 
those actually recorded. It is hoped that the results of this 
study will provide some kind of guideline in future site response 
analysis. It is also concluded that engineering experience and 
profound judgment are still important factors in evaluating site 
response under earthquake loadings. However, it should be real
ized that the technique developed in Reference 2 is still a 
valuable tool in site response analysis to date. 
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TABLE 2 

COMPARISON OF SPECTRUH INTENSITY 

SPECTRUM INTENSITY 

Calculated (SI) M.easured (51) 
Case (ll (2) (1) (2) 

lQ.. O. S4 (E-W) 0.60 1. 40 

Ib 0.80 (N-5) 0.79 1.00 

2 0.90 0.64 1.41 

3 0.85 0.60 1. 42 

4 0.94 0.72 1.31 

5 1.21 0.84 1. 43 

6 1. 34 1.44 0.93 

7 1.60 1.23 1.31 

TABLE 3 

COMPARISON OF MAXIMUM RESPONSE ACCELERATION 

Recorded (1) Calculated(2) (2) (I) 
DampLng At Per~o Damping At Perlod Dara in 

Figure 0% 10% 0% 10% 0% 10% 0% 10% 0% 10% 

4 1.06 0.32 0.30 0.30 1. 8S 0.59 0.45 0.45 1.77 1. 84 

5 1. 00 0.34 0.18 0.19 1. 57 0.48 0.20 0.20 1. 57 1.41 

6 1.10 0.29 0.23 0.22 1. 77 0.58 0.20 0.20 1. 61 2.00 

7 L06 0.31 0.25 0.75 1. 85 0.58 0.47 0.47 1. 75 1.87 

8 1. 05 0.30 0.75 0.25 1. 57 0.52 0.47 0.25 1.50 1. 73 

9 1.07 0.31 0.15 0.25 1. 54 0.49 0.25 0.25 1.44 1. 58 

10+ 0.6S 0.22 0.20 0.10 0.58 0.12 0.28 0.28 O.SS 0.55 

11+ 0.48 0.15 0.2a 0.10 0.43 0.12 0.28 0.28 0.89 0.80 

+ Bedrock Responses 
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OBSERVATIONAL STUDIES ON THE EARTHQUAKE RESPONSE 

OF BUILDINGS IN JAPAN 

by 

1) 2) 3) 
Y. aSAWA, M. MURAKAMI, T. MINAMI and K. 

SUMMARY 

4 ) 
ISHIDA 

The present state of earthquake observation projects 
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in Japan is introduced with special emphasis on soil
structure interaction effects. The analyses are made on the 
records obtained for moderate earthquake motions at three 
building sites and one spherical tank site as illustrative 
examples. The results indicate that the interaction effects 
can be observed in a form of spectral ratio between Fourier 
spectra of records at the base of structures and the surface 
of the ground and that the shear wave velocity in a soil 
layer plays an important role in determining the suitable 
model of soil-structure interacting system. 

INTRODUCTION 

It 1S widely recognized that research based on the 
earthquake observation of buildings and vther structures is 
of great importance in the field of earthquake engineering. 
The earthquake observation may be divided into two categories: 
(1) observation of the behavior for strong earthquake motions 
that rarely occur, in which the structure is sometimes stress
ed beyond the elastic limit; and (2) observation of the 
behavior for moderate or weak earthquake motions that occur 
relatively often, in which the structure is in most cases 
stressed only in the elastic range. 

1) Professor and Director, Earthqu~ke Research Institute, 
Univ. of Tokyo. 2) Associate Professor, Faculty of Eng., 
Chiba Univ. 3) Research Associate Earthquake Research 
Institute. Univ. of Tokyo. 4) Research Fellow, Earthquake 
Research Institute, Univ. of Tokyo. 
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In Japan the first category observation program started 
early in the 1950's by installing strong motion accelerographs 
in several buildings, and at present about one thousand 
strong motion accelerographs, about 600 of which are installed 
in buildings, are in operation. The second category obser
vation started in the 1960's by installing several sensitive 
seismographs in a reinforced concrete building and in its 
surrounding subsoil layers. Such an observation study has 
been carried out in Japan at many buildings and other 
structures. 

The main purpose of the second category observation is 
to clarify the characteristics of an earthquake input i.nto 
structures and to obtain the necessary information for con
structing the model of soil-structure system used for dynamic 
analysis to earthquake motions. Although the results obtained 
by -these observational studies should be complemented by 
other investigations such as elasto-plastic characteristics 
of soils and structural elements with large deformations or 
strains, rich data can be expected for many observation 
points within a short period as the moderate or weak earth
quake motions occur rather frequently. 

It is inteded in this paper first to introduce the 
outline of the second category observation system that has 
been carried out in Japan mostly for building structures, 
and second to give a rather detailed description (dimension 
of structures, subsoil properties, instrumentations, analyses 
of records obtained, etc.) for four different types of 
observation systems. 

OUTLINE OF EARTHQUAKE OBSERVATION SYSTEMS 

Most buildings in Japan are built on relatively soft 
ground and their earthquake responses are often sUbjected to 
an interaction effect between the building and its 
surrounding soil. Thus the observational study of second 
category for building structures is focussed to clarify 
the soil-structure interaction effect and to establish a 
suitable method of modeling the soil-structure interaction 
system used for dynamic analyses. 

Table 1 shows an outline of the second category observa
tion systems that have been carried out at various buildings 
and building-like structures in Japan. These systems are 
chosen from those reported in the pUblications of the 
Architectural Institute of Japan, and therefore, those for 
civil engineering structures such as dams and bridges are 
excluded. 

As is seen in Table 1, the earthquake observation has 
been made for various types of buildings such as university, 
school, apartment, office, hotel and model buildings, and 



for various types of structures such as reinforced concrete 
(RC), steeleS) and steel framed reinforced concrete(SRC) 
with or without piles. It should be noted that in most 
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cases the observation has been made on the rigid structure on 
soft ground where the soil-structure interaction is expected 
to predominate. 

Among those observation systems listed in Table 1 Nos.l, 
4, 13 and )7 are chosen to describe the details of the system 
and the results obtained from observations. 

BUILDING A - REINFORCED CONCRETE UNIVERSITY BUILDING 

Outline of the Building and Subsoil 

The building is a six story reinforced concrete structure 
with one basement story. It is 15.8m x 84m in plan as shown 
in Fig. 1. The west part of the building was first 
constructed during 1962 - 1963 and extensions were made three 
times up to 1970. Each construction stage is indicated in 
Fig. 2. 

The main lateral resisting elements of this building 
are the walled type reinforced concrete frames, which have 
a walled girder (Spandrel) and a walled column, in the 
longitudinal direction, and the reinforced concrete shear 
walls in the transverse direction. In both directions 
there are slightly reinforced concrete and concrete block 
partition walls that are considered to be non-structural 
members. The building is supported by individual footings 
without piles at 5 meters below the ground level. 

The antiseismic design of the building was made in 
accordance with Japanese Building Standard Law and AIJ 
(Architectural Institute of Japan) Structural Standards. 

The fundamental natural period of the building determined 
by forced vibration tests is 0.29 sec in the longitudinal 
direction and 0.32 sec in the transverse direction. The 
rocking vibration is predominant in the transverse direction. 

The subsoil below the building is Kanto loam layer, 
alternative layers of fine and sandy loam, alternative layers 
of fine sand and silty or clayey sand, and a gravel layer, 
on that order from the surface. The water-level is 8.8m 
below the ground surface. The soil profile and penetration 
test results (N-values) are shown in Fig. 3. 

Measurement System 

The electromagnetic seismometers were used to meaSure 
the earthqake motion under, around and inside the building. 
The location of the seismometers is shown in Fig. 4. 
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Seismometers A, B, C, D and E are placed along the vertical 
line from the top of the building to the soil layer 42m below 
the surface. Seismometers F, G and H are arranged also along 
the vertical line and are 60m distant south from the above 
group in a horizontal direction, intending to clarify the 
subsoil-superstructure interaction by comparing the records 
of two groups, the former group being affected by the 
superstructure while the latter being expected to be free 
from the interaction effect. Seismometer K is arranged at 
the depth of 82m below the ground level. This is expected 
to supply relatively pure earthquake, not much affected by 
the free surface. Each seis~meter under the ground was 
installed at the bottom of a bore-hole, which was refilled 
after the installation so that seismic waves would not be 
afftected by the bore-hole. 

Observed Earthquakes 

Since the measurement was begun in 1964, seismograms 
of 24 earthquakes have been recorded. Intensity levels 
at the site are 1, 11 and III according to JMA Intensity 
Scale. All the earthquake data are listed in Table 2. 

Distribution of Maximum Amplitudes 

Maximum amplitudes observed at the vertical building 
line (A, B, C, D, E) are normalized by those at the top of 
the building and plotted in Fig. 5 together with the mean 
values at each observation point. 

Power Spectral Ratios 

Mean values for the spectral ratios RF/BF, BF/GL and 
GL/-42m are illustrated in Fig. 6 together with the 95% 
confidence interval of mean values under Normal distribution 
assumption. The fluctuation in the spectral ratios decreases 
in order from GL/-42m (40%), BF/GL to RF/BF (10%), indicating 
a large amount of uncertainties inherent in soils rather than 
in the superstructures. 

To compare the observed spectral ratios with computed 
ones, a building-soil interacting model as shown in Fig. 7 
was adopted in this study. The dynamic ground compliance of 
a rectangular footing on an elastic half space is employed 
to evaluate the ground stiffness. The results plotted in 
Fig. 8 show a relatively good agreement with the observed 
spectral ratios where the peaks at 0.38 - O.40sec in RF/GL 
indicates the fundamental natural period of the soil-building 
system, while the peak and valley at O.]Osec in RF/BF and 
BF/GL corresponds to the natural period of the superstructure. 
It is noted here that much attention should be taken in 
determining the shear wave velocity of the ground 1 which 
appears to be the most sensitive factor to the dynamic 
response of soil-building systems. 
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BUILDING B - PRECAST CONCRETE APARTMENT 

Outline of the Building and Subsoil 

The building where earthquake-motion measurement has 
been carried out is a seven story apartment house made of 
precast lightweight concrete as is shown in Fig. 9. It is 
supported on P.C. piles which are driven into a dense sandy 
layer 12m below the surface. The main structural components 
a~e walled frames in the longitudinal direction and shear 
walls in the transverse direction. The dimensions are 55.8m 
in Y direction, 13.2m in X direction and 19.1m in Z direction 
excluding the penthouse. 

The natural periods of the building obtained from the 
forced vibration tests are 0.19sec in X and 0.24sec in Y 
direction. Translational and rotational displacements at the 
top are quite large and account for about half of the top 
displacement. 

The surrounding soil consists mainly of sand and partly 
of silt or clay. (Fig. 10) The superficial layer (4 - 5m) 
has been recently reclaimed. 

Measurement System 

The seismometers are installed on two vertical lines, 
i.e., building line and soil line. (Fig. 10) Building line 
consists of 5 points, RF and IF in the building, GL-4m, -12m 
and -24m just below the building. Soil line is parallel to 
the building line 15m from the building and consists of 4 
points at the same levels. 

The recorder is optical type and triggered when accel
eration over 1 gal acts at GL-12m below the building. 

Observed Earthquakes 

Since the measurement was begun in Dec. 1971 more than 
80 earthquakes have been observed. Intensity levels at the 
site are IV or less in JMA scale. The epicentral distances, 
focal depths and magnitudes are less than 80km, around 50km 
and below 6.0 for more than half of the observed earthquakes, 
respectively. 

Distribution of Maximum Amplitudes 

The average amplitude ratios of maximum accelerations 
for 20 earthquakes regulating IF to unity are shown in Fig. 
11 where the thick continuous line and broken line denote 
the building line and soil line respectively both with standard 
deviations shown by lateral bars. 

Amplification is great above GL-4m where existed the 
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ancient sea bed. Maximum amplitude of GL is about 1.5 times 
that of IF, and no significant difference is seen between 
the building line and the soil line at lower levels. 
Amplification factors from GL-24m to IF and from IF to RF 
are 2.45 and 2.52 in the X direction, and 2.34 and 2.83 in 
the Y direction, respectively. 

Power Spectral Ratios 

The average power spectral ratios, RF/IF, IF/GL and 
GL/-24m are plotted in Fig. 12 together with the 95% 
confidence interval of mean values under Normal distribution 
assumption. The fluctuation increases, in general, as the 
amplification factor becomes large and the maximum difference 
between the upper confidence limit and the sample mean is 
about 50% in this case. The variation in the natural periods 
of the building, soil and soil-building interacting system 
are about 10%. 

The transfer characterestics, RF/lF, IF/GL and GL/-24m, 
are calculated using the model shown in Fig. 7 and plotted 
in Fig. 13. The apparent shear wave velocity of the ground 
is increased 45% in order to take account of pile effects. 
A relatively good agreement is obtained between the observed 
and calculated spectral ratios. 

Comparison Between Building Line and Soil Line 

Fourier spectral ratios between the building line and 
the soil line at corresponding levels are calculated for a 
typical earthquake (No. 58) and shown in Fig. 14. For the 
ratio IF/GL, a peak at 0.34sec and a valley at O.24sec, 
corresponding to the natural periods of the Sail-building 
system and of the superstructure, respectively, are clearly 
recognized. Such a tendency due to the soil-building inter
action effects is greatly weakened as the depth from the 
ground surface increases. 

Earthquake Response Analysis 

Using the lumped mass model shown in Fig. 15, earthquake 
response analysis has been made for the observed wave forms. 
A typical example shown in Fig. 16 indicates a reasonable 
agreement between the observed and calculated time history 
of the response. Damping factors adopted in the analysis 
for the first several natural modes are so determined that 
the observed and calculated spectral ratios may become close 
as possible. 

BUILDING C - STEEL FRAMED APARTMENT HOUSE 

Outline of the Building and Subsoil 

The building is an eleven story steel structure with 
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fire-proof covering of concrets. It is 8.5m x 92.7m in plan 
and 30.4m high above the ground level as shown in Fig. 17. 
It is supported by steel piles reaching the sand layer 
about 12m below the ground level with penetration resistance 
of N)50. 

The lateral resisting elements of this building consists 
of steel frames at lines A and C in the longitudinal direction 
and steel braced frames in the transverse direction. The 
beams at lines A and C and the bracings are encased in 
reinforced concrete and prefabricated together with reinforced 
concrete panels including the beams at line B. The columns 
and slabs are concreted at the site after the precast beams 
and panels are erected. 

The subsoil below the sample building consists of 
several layers. The subsoil profile and the penetration 
test results are shown in Fig. 18 together with the location 
of the instruments. 

Measurement System 

16 sets of the electro-magnetic seismometers are 
installed to measure the earthquake accelerations under, 
around and inside the building as shown in Fig. 18. 

The observation system was designed so as to know the 
dynamic behavior of the building and its surrounding soil 
during earthquakes and to establish an appropriate 
dynamical model for the soil-building systems. The following 
items are taken into consideration. 

1) Participation factors of the natural vibrations associated 
with the horizontal slab deformation, which are distin
guishable up to the 4th modes in forced vibration tests. 

2) The rocking and swaying displacements measured at the 
top of the building. 

3) Support excitation measurements along the longitudinal 
direction. 

4) Soil-building interaction effects by comparing the 
observed earthquake records on the building and soil 
lines at different levels. 

Observed Earthquakes 

During the period 1970 - 1975, 41 sets of earthquake 
records were obtained, among which 15 earthquake data have 
been analized in this study. (Table 3) Root mean square 
values of the maximum ground accelerations in two horizontal 
components exceed 5 gals for 12 earthquakes denoted by * in 
Table J. 
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Fourier Spectra 

A pair of horizontal accelerograms is rotated from 0° 
to 90° by 22.5°, resulting in 8 different wave forms. 
Average Fourier amplitude spectra at the locations GO and 
G30 are shown in Fig. 19. It is seen in this figure that the 
curves are random and scattered for both locations. 

Distribution of Maximum Amplitudes 

The average maximum amplitude ratio of 12 earthquake 
records denoted by * in Table J, normalized to unity at 
GL-JOm is plotted in Fig. 20, 21 together with the standard 
deviations. The amplitude ratios in the transverse and 
longitudinal directions along the vertical lines are showp 
in Fig. 20 a,b respectively, while the horizontal distr
butions of the maximum accelerations at the 1st and 11th 
floors are given'in Fig. 21. Large fluctuations of the 
maximum amplitude ratios due to the different earthquakes 
can be seen in each figure. 

Fourier Spectral Ratios 

Fourier amplitude spectral ratios between two observation 
points characterize the transfer function between them. 
NC11/NBJO and EC11/EBJO shown in Fig. 22 represent the 
transfer characteristics between the top of the building 
and 30m below the ground level in the transverse and 
longitudinal directions. NCll/NCl, EC11/EC1, NC11/NGO and 
EC11/EGO in Fig. 2J,24 reflect amplification characteristics 
of the building for the ground motion and base excitations, 
respectively. NCl/NGO and ECl/EGO in Fig. 25 indicate 
considerable effects of soil-building interaction. It is 
noted that the variation of the spectral ratios is smaller 
than that of the maximum amplitude ratios (Fig. 20) and 
Fourier spectra of the ground motions (Fig. 19). 

Earthquake Response Analyses 

.A mathematical model of the soil-building system which 
includes in-plane slab deformations is employed in this 
study to represent the dynamic characteristics of the 
building in the transverse direction. The natural periods 
of the building obtained from earthquake observations, 
forced vibration tests and dynamic analyses are shown in 
Table 4. Theoretical transfer functions calculated by 
another model based on the dynamic ground compliance theory 
are also plotted by broken lines in Figs. 24 and 25. 

The response analysis was carried out for the transverse 
direction in such a way that the observed accelerograms at 
different points along the base of the building are applied 
to the model with 2% of critical damping. The response 
aecelerations at the top of the building are compared with the 
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Fig. 31 (a) for all 16 earthquakes. The 90% confidence 
interval of the mean values and 95% confidence interval 
of the standard deviation under the assumption of Normal 
distribution for the spectral values are drawn on both sides 
of the sample mean in (b) of the same figure. 

In Fig. 32 (a), (b), (c), observed spectral ratios 
between the observation points 5/4, 3/1 and 4/3 are 
illustrated in the same manner of Fig. 31 (b), respectively. 
A large fluctuation in the spectral ratio between the top 
and base of the tank is due to the fact that the natural 
period of the tank changes according to the amount of the 
contained butane liquid. 

It is also noted that the spectral ratio 4/3 has a 
wide valley at 0.22sec which seems to be the natural period 
of the tank with a small peak at a shorter period but no 
peaks in the longer period range. This fact, a seeming 
contradiction to the common concepts of dynamic ground 
compliance theory of semi-infinite medium, may be due to 
the interaction effects of the tank and layered soils 
especially when the predominant period of the ground coincides 
very closely with the natural period of the tank. 

Apparent Effective Mass of the Contained Liquid 

As mentioned previouly, the natural period of the tank 
changes according to the amount of contained liquid, and 
coversely, the apparent effective mass of the liquid may be 
determined from the observed natural period of the tank 
(including the base rotation). Fluctuation of the natural 
period versus total amount of the liquid is plotted in Fig. 
33 together with the ratio of the apparent effective mass 
of the contained liquid. 

CONCLUDING REMARKS 

The analyses have been made on the records obtained 
for moderate earthquake motions at three buildings and 
sites and one spherical tank site which are chosen as 
illustrative examples of many earthquake observation projects 
that have been carried out in Japan for the purpose of 
clarifying soil-structure interaction effects. The results 
of the analysis may be summarized as follows: 

(1) Distribution of maximum accelerations. The maximum 
acceleration at the top of the structure is alomst always 
larger than that at the base and at the soil layer due to 
amplification effect. The amplification factor is rather 
scattered but varies between 2 to 4 in most cases. 
Significant reduction of the maximum acceleration at the base 
of the structure as compared with that at the ground surface 
is observed. This implies the effect of soil-structure 
interaction. 



observed ones in Fig. 26 which shows a reasonably good 
agreement. 

SPHERICAL TANK 

Outline of the Tank and Subsoil 
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The tank whe1'e the earthquake measurement has been 
carried out is a spherical shell supported by 12 steel pipes 
C700x9) with a pair of steel-bar bracings (2x80¢) between 
them. The heights to the crown and the circumference, and 
the diameter of the shell ar~ 20.4m, 1i.5m and 17.9m, 
respectively. 

The soil layer formation at the observation site and 
the S-wave travel-time curve measured at the boring hole 
for installation of the underground seismometers are shown 
in Figs. 27 and 28 respectively. 

Measurement System 

The Tuss type accelerometers (f=5 cis, h=O.6) are 
installed at 5 observation points along 2 vertical lines, 
as shown in Fig. 29. Output voltage of seismometers is 
amplified with automatic control of sensitivity (1:1/):1/9) 
and recorded on a magnetic tape by the trigger of thresholed 
current from the seismometer at the deepest observation 
point. All the records are digitized simultaneousely, with 
the time interval of 0.02 sec, by the automatic A-D converter 
and stored directly in computer files. 

Qbserved Earthquakes 

Among all the earthquakes which have been observed since 
the measurement was begun in 1973, 16 significant earthquakes, 
which are analized herein, are listed in Table 5. Maximum 
amplitudes of the ground motion are 2 - 40 gal, earthquake 
magnitudes being 4.3 - 7.6, epicentral distances and focal 
depths being 20 - 500 km and 10 - 420 km, respectively. 

Distribution of Maximum Amplitudes 

The maximum amplitudes of all the 16 sets of records 
are plotted in Fig. 30, where the solid lines and the 
broken lines indicate the data on ground and tank lines, 
respectively. Significant reduct jon of the maximum amplitudes 
at the base of tank of 40% as compared to those at the 
ground surface, presumablly due to the soil-tank interaction 
effects, is observed. 

Power Spectra and Spectral Ratios 

Power spectra of the ground acceleration are averaged 
between two horizontal components (EW,NS) and plotted in 
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(2) Transfer functions. Considerable amount of variation 
is seen in the observed spectral ratios, although it js 
much smaller than those in the ground motion spectra. 
The fluctuations increase in the spectral ratios between 
the top and bottom of the buildings, between the base of the 
building and the ground surface, between the surface and 
the deeper soil layers, indicating considerable uncertainties 
inherent in the subsoils rather than in the superstructures. 
The spectral ratios between the base of structures and the 
free .surfaQe, however, show general tendencies that a peak 
corresponding to the fundamental natural period of soil
structure systems exists in a longer period range than a 
valley which represents the natural period of the super
structures. This fact, having been indicated by the theories 
e.g., the dynamic ground compliance for a long time, gives 
rigid framework for the futher development of the theoretical 
studies. 

(3) Simulation models. Because of the large fluctuations 
observed in the transfer characteristics of soil-structure 
systems, it seems to be difficult to establish rigorous 
models for simulation analyses. Nevertheless, some models 
which represent the principal statistical features of the 
observed nature of the systems may be provided without much 
difficulty if the system parameters are suitablly adopted. 
It is mentioned here that the shear wave velocity of the 
ground is one of the most sensitive parameters for the overall 
characteristics of the soil-structure systems. 

At an early stage of the earthquake observation projects, 
all the records themselves provided a valuable clue to 
study the earthquake response of soil-building systems. 
As the number of such projects increased, however, more 
systematic, more orderly planned and better equipped measure
ment systems are required. Possible technical improvements 
extend over wide categories; intentional choice of the site 
and structure; proper arrangement of instruments; stability 
and accuracy of instruments including periodic calibrations 
of underground seismometers; wide range measurement in 
amplitudes and frequencies; automatization of data processing 
and so on. Since the earthquake measurement projects cost 
high in general, cooperation and coordination between the 
projects are indispensable in order to provide systematic 
data not only for research on soil-structure interaction 
effects but for comparative studies of incident seismic 
waves. 
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Fig.26 Comparative Time History of Recorded and Calculated 
Accelerations (Bldg. C) 
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Table 1 Earthquake Observation Projects in Japan 

No Type of Building Type of structure Organization Date Observation Points 
Number of stories 
Type of foundation 

1 University building RC Uni\'. of 1964 RF,4F,1F,GL- 23m,GL-42m 
6F Tokyo ® GL,GL-23m, GL-41m 
individual 

2 High school RC Kyoto Univ. 1965 RF.2F.1F 
building 2F ® GL,GL-lm, GL-1Om,GL-20m 

(~=13m) 

3 University building RC Shinshu Univ. 1967 3F ,IF 
4F ® GL 
individual 

4 Apartment building RC Univ. of 1971 RF,lF.GL-4m.Gl-12m,Gl-24m 
7F Tokyo @ GL,GL-4m.GL-12m,GL-24m 
PC pileU~=12m) 

5 Apartment building RC IHnistry of 1971 RC,3F,GL,GL-2m,GL-IOm,GL-50m 
5F Const. ® GL-2m 
continuous 

6 High school RC Architectural 1972 RF,IF, GL-32m 
building - Inst. of Japan 

RC pil eli = 32m) 

7 Experiment RC Shimizu Canst. 1972 RF, IF, B2F, GL-20m 
building 5F+B2F 

mat 

8 Steam power Re Chugoku 1973 FL-38m,FL-55m, FL-23.75m 
station 5F Electric power @ Gt-13m, GL-70m 

steel pipe pile Ohbayashi-gumi 
(fl.: 20m) 

9 Apartment building RC Kajima Co. 1974 RF,9F,BIF,GL-24m 
18F ® GL-lm, Gl-27m 
pier(£=20m) 

10 University building RC Nihon Univ. - BlF 
5F+BIF ~-GL-3m, -15m, -30m 
-

11 University building RC Tokyo lnst. - BIF 
5F+BIF of Tech. 
pileI =19m) 

12 Office building S KaJima Co. 1968 RF,23F,13F,B2F(SMAC) 
36l'+B3F B2F,GL-80m 
mat 

13 Apartment S Chiba Unlv. 1970 llF,6F,lF,GL-12m,GL-30m 
building llF @GL-lm,GL-12m,GL-3 0m 

H steel Pile 
Ci=12m) 

14 Model building S Kyoto Univ. 1971 RF,4F,lF,GL-50m,GL-12m, 
5F GL-50m 
individual 

15 Office building S Nippon Tele- 1972 RF,3F,lF(SMAC),GL-5m 
3F graph & Tele- GL-15m 
individual phone Public 

Co. 

16 Apartment S Shimizu Canst. 1972 lIF ,IF ,OL-IOm 
building llF 

earth drill pile 
(~:llm) 

17 Office building S Ohbayashi- 1973 RIF,24F,15F ,lF,B2F 
]OF Gumi 
mat 

18 Apartment SRC Waseda Univ. 1968 RF(SMAC),GL-4m,GL-44m 
building l5F 

steel pile 

(to be continued) 
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19 University building SRC Tohoku Univ. 1970 RF,7F,3F,lF. 
9F 
(~=12m) 

20 Apartment SRC Ministry of 1972 1~F,8F,B,P. 
building 14F Canst. @) GL-9m ,GL-16m, GL-26m ,GL-60m. 

PC pile 

21 Office building 3RC Kumagaya- 1974 RF,6F,B2F 
12F Gumi 
mat 

22 Apartment SRC Technology 1974 RF,lF,GL-13m,GL-26m 
building llF Center for ® GL-2m,GL-55m,GL-9m,GL-13m, 

Benoto pile National Land GL-35m,GL-I00m 
Developement 
Kajima Co. 

23 Apartment SRC Kajima Co. RF,BF,GL-1 0m,GL-20m 
building 9F s GL-2m,GL-20m 

-

2~ Laboratory SRC Central Res. 1975 RF,7F,6F,4F,3F,lF,BIF,B3F 
building 7F+B3F Inst. of Elec-

continuous tric Power -
Industry 

25 Reactor RC,S Architectural 1963 
- Inst. of Japan 
-

26 Rigid s'tructure RC Architectural 1965 RFJIFJBIF, 
model No.1 IF Inst. of Japan ® GL-2m,GL-~m,GL-14m,GL-20m 

mat 

27 Rigid structure Re Architectural 1967 RF,2F, IF 
model No.2 2F Inst. of Japan ® GL,GL-20m 

mat 

28 Rigid structure RC 1967 RF,lF,BIF', 
model No·3 2F ® GL-3m,GL-14m,GL-20m 

mat 

29 Reactor RC Tokyo Electric 1970 RF,5F,footing 
5F+BIF Power OL-14,OL-24,OL-50 
mat Kaj ima Co. ® GL-14 

30 Reactor Re Chygoku EleC- 1973 RF,SF, faoting,GL-35m 
5F+BIF tric Power @GL 
mat Kajima Co. 

31 Model with PC RC 'Iippon Steel RF,lF,01-5m 
pannel IF Ifniv. of Tokyo 1968 ® GL-5m 

H steel pile 
(Q=lOm) 

32 Model building RC Japan Electric 1968 RF, 3F, 2F, IF 
3F Association ® GL 
-

33 Model footing S rUnistry of 1975 RF, footing 
IF Const. ® GL-O.5mx2,-15m,-41m 
mat 

34 Tower S rUnistry of 1967 OL+81,OL 
81m Const. ® OL 

35 Office building building SRC Kajima Co. 1973 GL+200m,GL+I07m,15F(SMAC) 
with tower 15FtB5F B5CSMAC) 

tower S 
mat 140m 

36 Tank 25m Shimizu Canst. 1973 top, foating,OL-2m,GL-18m, 
steel pipe pile OL-39m 
(~=38m) ® GL-2m,GL-18m,GL-38m,OL-7lm 

37 Tank 20m Univ. of Tokyo 1974 top,footlng 
steel pipe pile ® GL,GL-17.4m,GL-~3.4m 
(~=31m) 

(to be continued) 
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39 

Chimney S Tokyo Electric 
230m Power 
steel pipe pile Mitsubishi Heavy 
(e=40m) Instustries 

Plant tower S Mitsui Fe tro-

RC . 
S ' 
SRC~ 
®~ 

50m, 30m 
steel pipe pile 
<2.=45m) 

Reinforced concrete structure 
Steel structure 

Chemical 
Taisei Co. 

Steel framed reinforced concrete structure 
Observing point distant from building 

Table 2 Observed Earthquakes 
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19n GL+222m,GL+112m,GL+O.5m 
GL-lOm, GL-3lm,GL-38m 

1974 T49,T30,Fl,F2,GL-lOm,GL-45m, 
GL-85m 
@GL 

(Bldg.A) 

No Date Epicentre Depth Magnitude Intensity (JMA) 

A-ot OSh, 03m Oshima 
29d, Vl11,'66 J5.5'N,139.9'E 80km Ill: 

1 Tokyo 

A-02 22h, 20m J5.7'N,140.3'E 60 5.0 Ill: Oshima 

28d, x~66 
11 Tokyo 

A-O] 14h, 25m J5.9°N,i40. 2 'E 100 11 Tokyo 

26d, Xl, '66 

A_04 20h, 04ffi 36.2'N,oB.9'E 60 4.9 Ill: Ut.scUllomiya 

l11d
1 XII, '66 11 Tokyo 

A-OS 20h, 59m J8.)'N, H2.Z'E JO 6.3 IV Sendai 

17d, 1, '67 11 Tokyo 

A-G6 20h, 21m J6.1'N,140.0'E 54.9 4.9 Ill: Utsunomiya 

t)d, 11, '67 11 : Tokyo 

A-C7 17h, 17m J5.5'N,140.1'E 80 111 : Yokohama 

02d, 111, '67 11 : Tokyo 

A-08 02h, 50m J6.J'N,140.1'E 80 Ill: Tokyo 

19d, Ill, '67 

A-09 06h, 54m ]6.2'N,140.0oE 50 5.1 Ill: Utsunomiya 

2td, Ill, '67 11 : Tokyo 

,o.~10 llh, 42m 36.1'N,lJ9.8'E 70 III : Tokyo 

22d, V, '67 

A-11 21h, 13m J6.1'N,lJ9.9'E 50 4.5 11 Utsunomiya 

03d, VIll, '67 1 Tokyo 

A-12 05h, 07m 35. SON, 135.8'E 360 Ill: Onahama 

14d, V111, '67 11 Tokyo 

,0.-13 22h, 38m ]6.1'",,140.9° E 100 11 Utsunomiya 

19d, Vlll,'67 

,0.-14 I1h. 06m J5. OON, 140.0° E 70 111 : Chiba 

30d , Vll, '67 11 : Tokyo 

A-15 l7h, 09m J6.1"N,140.)QE 80 111: Uts-unomiya 

JOd, VIII, '67 11 , Tokyo 

A-16 09h, 28m 3S.5°N,141.1'E 40 5.6 Ill, Yokohama 

l5 d , lX, '67 11 Tokyo 

A-t7 19h, 56m 4JO QN
l
14S.1°E 90 IV Kushiro 

19d , IX, '67 1 Tokyo 

A-18 09h, 32m J6.1'N ,140.2 Q E 80 111: Tokyo 
20d, Xl, '67 

(to be continued) 
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NO. 

A-19 21h, 07m 
19d, Xl, '67 

A-20 21h, 08m 
28d, 11, '6e 

A-21 09h, 12m 
06d, Ill, '68 

A-22 09h, 49m 
16d, V, '6B 

A-23 19h, 39m 
16d, v, '68 

A-24 22h, 42m 
12d, VI, '68 

32 ,9'N,137.9'E 

41.4'N, 142.9'E 

40 

340 

50 5.2 

40 7.5 

7.2 

Ill: Onahama 
11 , Tokyo 

111: Tokyo 
II : Chiba 

Ill: Tokyo 
11 Maebashi 

VI 
11 

V 
11 

IV 
11 

Tomakomai 
Tokyo 

Uraga 
Tokyo 

Sendai 
Tokyo 

Table 3 Observed Earthquakes (Bldg. C) 

MODE EXPERIMENT ANALYSIS~ 
FRAME SLAB A:RlCOse:: DAMPINGo! 5UAtq.1.b TYFE PERIOD sec 

- 0.48 2-3 ~--=:=:J 0.48 0.51 1st MODE r---•. -------r---.--- . 
~ 0.43 2- 3 L.:.......~---tl 0.43 0.42 

NS j ~ Q25 2-3 0.25 0.2 9 
~ 0.13 0.' 3 
---- ---- ---- ---- 0.09 ----2rd~ ------

~ 
------

MOD I ---- ---- 0.09 ----

F"" 
1st MODE 0.31 3-4 I - I 0.32 

~' 
2nd MODE 0.10 I I i -

• Du~ To Eccentric Mass & Shaki'lgType 

Table 4 Natural Periods and Mode Shapes (Bldg. C) 

DATE TIME EPICENTER (Nl (El DEPTH EPICENTER MAGNI- INTENSITY (oJ.M.A.) 
(KIn) DISTANCE (Xm} TUDE (CHIBM (MAX.l 

'70.5.1723:52 SE OFF BOSOH PEN 34"'3-6' 141"06' 60 11 ; TATEYAMA 

'70.12. 8 6:36 OFF TORI SIMA 29"32' 140·36' 180 

172. 2.29 1B;:23 E OFF HACHIJOJlMA. 

'72.9. e 18:23 CENTRALCHIBAPREF 

33"'11' 141"16' 

35<132' 140"23' 

70 

70 

30 

80 

70 

140 

690 

310 

50 

7.0 

II 

IV 

II 

V :tiACHIJOJlAA '* ~ 

II :CHlBA 

10 '72.10.6 20:31 SW OFF IZU PEN 34-0'24' 138"31' 

12 ·72.10.18 lO~48 NORTHERN CHIBA PREF 

16 ;73.12.2:2 10:20 SOt)THERN CHlB}l. PREF 35<>13' 14.0°17' 

19 '74. 2.22 9:37 OFF KII PEN 33"08' 137"07' 400 

20 '74. 3. 3- 13:50 E OFF CHIBA PREF 35"'34' 140"53' 60 

50 21 '74. 4. 3 10:52 S COAST OF CHIBA ~REF 35"01' 140°11' 

22 '74. 5. 9 8: 33 S COAST OF IZU PEN 34<.'34' 138"48' 10 

25 '74.11.16 8;32 OFF CHOSHI 35°45' 141"15' 40 

27 '74.11.30 7:06 N£AR TORISIMA 30'" 36' 138<>46' 420 

31 '75. 4. 2 17:44 NEAR HACHIJ{)JlMA 33"42' 140°47' 40 

41 '75. 8.12 23t22 S OFF CHUBU 31°57' 138"12' 400 

'* AGO~ 5 

160 

50 

40 

370 

90 

40 

130 

130 

540 

200 

410 

II DIGITALIZED 

5.5 

6.9 

6.1 

4.3 

6.9 

6.1 

7.6 

5.8 

6.9 

II ; TATEi'AMl\ IV; OMAEZAXI 

III 

II 

II 

III :CHIBA 

III :'J'ATEYAMA 

III :TATE'iAMA 

III tV :CHOSHI 

I :TA'I'E'fAMA II :TOKYO 

III 

II 

II 

v ; I ROUZAXI 

IV :CHOSHI 

IV : TATEYAMA 

· ~ 
• * 
• H 

IV :HACHIJOJlMA .. 

II III :TOKYO 
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Table 5 Observed Earthquakes (Tank) 

I 
:Jo. Date, Time I Origin 

~ 
'1 Max. Ac eel. Earthq. 

i 
: (Ytm,d,h:t m) 

I 
(km) Ell NS i 

1 i '73,4.21 I 2.9 3.4 
19,44 

---f-----c--
5 '73.5.5 N37.07 50 5,3 2,6 3,2 

12,52 0141,30 
- ._-- ----- ----

14 '73,6,9 N 35,53 BO 2.2 2.0 
17·37 E140,03 

1---------f-------- t--- ---- -- -- -- -
17 '74,3,19 N 35,15 50 4,B 2.5 2,9 

2LOl E1l.11.00 
----

19 '74,4,3 N 35,01 50 4,3 3.9 4.B 
10,52 E140.11 

21 '74,4,5 N35,58 70 4,3 2.9 4.2-
04d3 E140,09 

r---- ---- --~------1------ --- ---_. -.----.-
28 '74.5.5 N 37,45 40 5,5 1.5 1.9 

23,19 E141,51 
~ -------- ------ ---

29 '74 .5.9 N 34,34 10 6.9 9.9 14,2 
OB.33 E138,48 

31 ' 74.6.27 N 33.45 ),0 6.1 4.0 1.8 
10.49 E139.12 

32 '74.8.4 N 36.01 50 5.B 22.2 39.B 
03,16 E139.55 

I 33 '74.9.27 N 33.43 60 6.4 17.1 10.ij-
12.10 E141.31 

~ --- -- ---

, 74,),0.9 N 36.03 60 4.8 18.1 15.7 
04.42 E139.55 

---- - ---- --- --~ 

35 '71i.ll.16 N 35.45 40 6.1 13.7 9.6 
OB.32 E141.15 

36 '74. ]].30 ~ 30.36 420 1.6 14.7 7,8 
07.06 E138,46 

37 ' 75')'.21 N 34.59 
02dl E141.21 

30 5.9 4.1 2.4 

! 38 '75.2. B tl 35.4B 50 20,7 26.5 
L OL41 E140,06 I 
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SUMMARY 
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The dynamic modeling of box-type structures with simple lumped mass models 
is evaluated. Shear deformations, rotatory inertia and shear lag effects 
have important contributions to the overall response depending on the 
characteristics of the structure. To routinely incorporate these effect, a 
simplified procedure is described. The effects of shear deformation and 
rotatory inertia effects on the mass properties of the structure are 
accounted for by heuristically reducing the consistant mass matrix of a 
beam element into a diagonal form. These effects are then isolated and 
checked against the analytical solutions with acceptable results. The 
incorporation of shear lag effects is approached from a statics point of 
view. Based on a bending theory developed by Reisner, the stiffness of 
the beam is modified such that the use of the elementary bending theory 
would correctly predict deflections of beams with significant shear lag 
effects. The effect of shear lag on the inertial properties is investigated 
only by a few test cases. The procedure developed is tested by a comparIson 
of the results with those from a finite element model of a structure whose 
properties were intentionally selected such as to accentuate the consider
ations under investigation. 

Preceding page blank 
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INTRODUCTION 

It is common engineering practice to use simplified lumped mass models 
in predicting the dynamic characteristics and earthquake response of struc
tures. For complicated structures, such as those encountered in nuclear 
power plants, a finite element model could, in principle, provide a more 
appropriate representation. However, due to the associated high computer 
costs, lengthy modeling labor, the non-availability of large problem solving 
capabilities and the uncertainties in the other aspect of the problem, it 
is usually deemed adequate that a simplified lumped mass model would repre
sent the dynamic characteristics of these relatively complicated structures. 
However, it is important that a) the modeling techniques used be first 
qualified using simpler structures, b) these simpler structures be studied 
to identify the important parameters of the modeling process, and c) based 
on the above two steps, modeling techniques for the more complicated struc
tures be formulated. The first two steps are the subject of this paper. 
A subsequent paper will deal with the third phase. 

The following areas are considered to be particularly important for 
the modeling of box-type concrete structures: a) The proper location of 
the shear center. b) The determination of the effective shear area. 
c) Shear lag effects in the computation of moment of inertias. d) The 
lumping of mass and of rotatory inertia at selected nodes and the effects 
of shear deformation on the mass matrix. e) The possible effects of shear 
lag and effective shear area on the inertial maSses. 

SHEAR CENTER OF RESISTING ELEMENTS 

The shear center is the point through which a transverse loading will 
not cause any twisting of the cross-section. Although equations for the 
calculation of the shear center for open sections are available in texts 
on advanced strength of materials (6), those for closed sections are more 
difficult to obtain (7). More importantly the application of these concepts 
to complicated floor plans encountered in nuclear power plant structures is 
not a trivial task. It is common practice though to calculate instead the 
center of rigidity in each of the "principal" structure axes by considering 
only the walls parallel to the direction under consideration. Obviously 
for an open channel section such as shown in Fig. la, this assumption is 
not justified. Fig. lb shows an unsymmetrical box where the assumption of 
the center of rigidity as defined above, is seen to be a very good approxi
mation to the true shear center. A more detailed study of this approxima
tion is in order for more complicated structures; however, such a study is 
beyond the scope of the present paper. It is obvious that for sections 
having two axes of symmetry, the shear center and the centroid of the 
section coincide. 

EFFECTIVE SHEAR AREA 

In the derivation of the Timoshenko beam equation the effective shear 
area is introduced to account for the fact that shear stress and shear 
strain are not uniformly distributed over the cross-section. Although 
there are many interpretations to the actual meaning of the shear coeffi
cient, K, (1, 2, or 3), the important point to note is that except for 
Timoshenko's (8), the differences in the actual values are of no significant 
importance in practical applications in earthquake engineering. Although 
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the equations for K as reported by Cowper (1) are dependent on Poisson's 
ratio, v, the differences between the range of v commonly used for concrete 
is not significant at all. Thus a value of v = .17 is used in this paper. 
In the present paper both Cowper's equations (1) and that given by Ebner 
and Billington (2) will be used; however, a direct dimensionless comparison 
of these shear coefficients will not be attempted in this paper. The 
intent of such a comparison would be to establish the generality of the 
Ebner and Billington equation, since it could most suitably be extended to 
apply to more complicated sections. 

A further simplification would be to relate the shear area of the 
cross-section to the area of the "webs" only. Results of such an attempt, 
based on Cowper's equation for a box section, are shown in Fig. 2, together 
with the Cowper results. The variables are explained in the figure. These 
results indicate that the generality of the Cowper equation for the box 
section breaks down for certain values of M and N (dashed lines). This 
conclusion is based on the observation that the shear area of the complete 
box could not be less than that of the shear area of the webs treated as 
independent rectangular sections. For v = 0.17, the Cowper equation gives 
the shear area coefficient for rectangles as 0.844. The Cowper equation 
when used will be limited as discussed above. 

SHEAR LAG EFFECTS IN BENDING STIFFNESS 

Considering bending stiffness only, the elementary beam theory assumes 
that the normal stress along the flanges (the walls normal to the direction 
of bending) does not vary. However, because of the shear deformation of 
the flanges this assumption often leads to errors for wide beams. The 
problem is illustrated schematically in Fig. 3. For the section shown, 
bending about the Y-axis would rotate the web of the section assuming plane 
sections remain plane. However, the flanges would deform as shown; thus in 
effect reducing the moment of inertia of the section as would have other
wise been calculated according to the elementary beam theory. In the follow
ing, a method of obtaining an effective moment of inertia of box sections 
including shear lag effects is presented. 

Using the principle of minimum potential energy Reissner (5) developed 
the following governing equations for the deflection of a box beam (Fig. 4) 
when the shear lag effects are present: 

with the 

·z" + 2 If 
V' + M 

3 
= 0 I EI 

UtI 5 G .!L + .2 2'" 0 -
2 E 2 4 

w 

boundary conditions 

V = 0, at a section where the flange is fixed 

U ' +.2 z" 
4 

0, at a section where the flange is free 

(1) 

(2) 

(3) 
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In the above equations Z is the transverse deflection, If = 4wth2 is 
the moment of inertia of the flanges, Iw = 4bh3/3 is the moment of inertia 
of the webs, I = Iw + If is the total moment of inertia of the cross-section, 
M is the moment at the section, E and G are Young's modulus and shear modulus 
respectively, U = UCx) is a function denoting the magnitude of the shear lag 
effects and it is assumed that the spanwise flange deformation u(x,y) may 
be approximated by 

il(X,y) " :': h [z' + 1 - :~ D(X)] 

Herein, prime denotes differentiation with respect to the spatial 
variable x. The variables w, t, hand b describe the dimensions of the 
cross-section as depicted in Fig. 4. 

(4) 

Differentiating Eqn. 1 once and back substituting into Eqn. 2 one gets 
a differential equation for the shear lag function U as 

5 M' 
4 n E1 

with the boundary conditions 

u = 0, at the fixed end 

U' = 2 M at the free end 
4 n Ei ' 

where k 1 J 5nG 
w 2E and n 

(5) .p., 

(6) 

(7) 

1 (8) 

Once the shear lag function U is found for a specific case from Eqn. 5, 
the static deflection of the box beam can be solved by a double integration 
of Eqn. 1 with the appropriate boundary conditions, 

Z" M 

EI 
U' (9) 

Since the aim is to obtain a reduction factor for the flange stiffnesses 
a further simplification of Eqn. 9 is necessary. This can be achieved as ' 
follows: For a given moment variation, M = M(x), solve for U = U(x) from 
Eqns. 5, 6 and 7. Find the constant 'a' such that 

U' (x) ~ a . M(x) (10) 

Herein the constant 'a' is found by minimizing the average over the 
length, of the square of the difference between U'Cx) and a . M(x); that is 

H 
Q 1 [u' (x) - aM(x) J2 dx 

o minimum (ll) 



or 
ClH 
Cla 

o =a 
U' (x) .M(x)dx 

M2 (x)dx 

Back substituting the approximation to U' into Eqn. 9 gives 

z" M 2 If 
EI 3 I (aM) 
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(12) 

(13) 

Z" '" M (1 + ; EId or (14) 
EI 

The expression within the parenthesis in Eqn. 14 is the factor by which 
the Simple beam deflection field is to be modified to include the effects of 
shear lag. 

To find the reduction factor of the flange stiffness due to shear lag, 

C( = 1 + 1. EI 
3 f a 

then find S such that 
Ci- 1 
I I + SIf w 

Solving for S one obtains 

The variable S defined in Eqn. 17 may be interpreted as the flange 
stiffness reduction factor due to shear lag effects. 

(15) 

(16) 

(17) 

The changes in S as a function of the ratio of beam length to half 
flange width for three different loading conditions, namely, an end point 
load, a uniformly distributed load and a triangular load are given in 
Figures 5 through 7. Table 1 shows the maximum error in the displacements 
of typical box-beams, for each of the three loading conditions, when the 
shear lag effects are introduced approximately using the present approach 
(column 5). It is observed that the method yields satisfactory results. In 
addition, Table 1 contains the corresponding errors in the simple beam 
theory solutions (column 4). 

The important conclusions to be drawn from Figures 5 through 7 is that 
the problem of shear lag is insensitive to the ratio of flange moment of 
inertia to total moment of inertia; the type of loading has some minor 
effect and for earthquake type loadings Figure 7 would be the more appro
priate curve to use; and finally, that the length of beam to width ratio 
determines the importance of shear lag in box beams. 
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ROTARY INERTIA AND SHEAR DEFORMATION EFFECTS ON BEAM MASS 

For beams with large radius of gyration to length ratios, rlL, the 
error in the Bernoulli-Euler theory is considerable even for the lower modes. 
These discrepancies can be overcome by using the Timoshenko beam theory, 
whereby the effects of rotatory inertia and shear deformations are introduced. 
Also in developing lumped mass models it is common practice to assign masses only 
to translational degrees of freedom. Herein, an attempt is made to define 
a diagonal mass matrix, which would include shear and rotatory terms in it. 

In the literature one may find consistent element mass matrices which 
contain the effects of shear deformations and rotatory inertia (4). Such 
a mass matrix is given in Appendix I, where r2 = I/A, ~ = l2EI/GAs£2, 
p = mass density of the beam, A = cross-sectional area, As = shear area of 
the beam, £ = length of the beam segment, I = moment of inertia, E and G are 
respectively Young's and shear moduli of the beam material. To obtain an 
equivalent diagonal element mass matrix, a simple procedure is attempted: 
It is assumed that to each degree-of-freedom direction only the deflections 
which are compatible with that direction contribute (e.g., in Dl direction 
Dl and D3 contribute); then their contributions are added to obtain a 
diagonal term (Eqn. Ib, Appendix I). This process results in pA£/2 for 
the term associated with the translational degrees of freedom. The same 
results are obtained by the usual concept of rigidly lumping of mass by 
tributary lengths. Since in the consistant mass matrix shear deformation 
effects impact on both the translational and rotatory inertia terms, it 
would be useful to consider rotatory inertia effects alone. Thus setting 
G = <:< or ¢ = 0, the "lumped" rotatory inertia term on the "diagonalized" 
element mass matrix becomes 

J = A'l--+-(
£2 r2) 

consistent p 420 10 (19) 

A comparison of Eqn. 19 with the one obtained by the rigid lumping 
concept would be useful. The corresponding term in the mass matrix for the 
latter approach for a segment of a rectangular section is given by 

Jrigid 
1 "2 pA£ (,2 1~ b')" t pAC O~ + r2) (20) 

Eqn. 20 would give significantly larger values than Eqn. 19. To illus
trate the impact of this difference on the frequencies of a beam, the 
Timoshenko beam equation is modified to include rotatory inertia and bending 
effects only. The resulting frequencies are then compared with a lumped 
mass model using both Eqns. 19 and 20 to calculate rotatory inertia terms. 
The results for Beam I (refer to Table 2 for beam properties) are shown in 
Fig. 8. It is obvious that the concept of rigid lumping is more appropriate, 
suggesting a revision of the m

22 
and m

44 
terms of Eqn. Ib of Appendix I as 

follows 

=(-~~+~) + ~ (21) 

(1 + 9)2 



and resulting in the mass matrix of Eqn. Ie, Appendix I. For other than 
rectangular sections, the terms in parenthesis in the numerator should be 
interpreted as the polar mass moment of inertia about the nodal points. 
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To check the adequacy of the derived lumped mass matrix (Eqn. Ie, 
Appendix I), two uniform beams of constant properties throughout are selected 
with large r/L ratios to emphasize both the shear and rotatory effects. The 
properties of these beams are listed in Table 2. The beams are modeled as 
lumped mass models with equidistant nodes and the resulting frequencies for 
several number of lumped masses are compared to the theoretical results using 
the Timoshenko beam solution. The results are shown graphically in Figures 9 
and 10. Both figures indicate that the lumped mass model frequencies will 
be within 10% of the theoretical frequencies if the number of masses are 
equal to N + 1, where N is the number of the desired Nth frequency. 

It is instructive to compare Eqns. 20 and 21. Since ~ is usually a 
large number for the type of structures considered, the effect of shear 
deformations on the mass matrix is small, which is as it should be. A study 
of the Timoshenko beam equation reveals that the translational and rotatory 
masses are dominant in the inertia effects and that shear deformations are 
dominant in the stiffness effects. 

EVALUATION OF THE MODELING CONCEPT 

To evaluate the adequacy of the modeling concepts developed in the paper, 
the response of a lumped mass model will be compared to that of a finite 
element model of the same structure. A symmetric box-type two story struc
ture without openings is chosen with dimensions and properties such that the 
considerations discussed in this paper are accentuated. The structure with 
both finite element and lumped mass models is sho,m in Fig. 11. A modulus 
of elasticity of 51,800 Kips/ft2 (2.5 x 106 N/m2), a unit weight of 
0.145 Kips/ft 3 (197 N/m3) and Poisson's ratio of 0.17 is used. To make the 
comparison between the two models compatible, centerline dimensions are used 
in calculating the properties of the lumped mass model since the finite 
element model allows ~nly such an analysis. The shell element used in the 
finite element model is a thin plate element having both membrane and bending 
isotropic properties (Kirchhoff hypothesis). 

The lumped mass model was developed as follows: 

a. The shear center and the centroid of the section coincide since the 
structure has double symmetry. 

b. Effective shear area. The area associated with the finite-element model 
dimensions is given by A = 2 (20 x 1 + 40 x 1) = 120 ft 2 (11.2m2). Using 
the Cowper (1) equation K = 0.234 and therefore As = 0.234 x 120 = 28.1 ft 2 

(2.6 m2). As shown in Fig. 2 and discussed earlier in the paper the Cowper 
equation needs to be re-evaluated for certain values of M and N. Thus the 
shear area is limited to 0.844 (2x20) = 33.8 ft 2 (3.1 m2). However, using 
the Ebner and Billington equation (2), As = 37.3 ft 2 (3.5 m2). Two models 
will be developed using shear areas of 33.S ft 2 (3.1 m2) and 37.3 ft 2 
(3.5 m2) respectively. 
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c. Shear lag effects: Using Fig. 7, for L/w = 1.5. If = 8000 ft 4 (69.2 m4) 
and I = 9333 ft 4 (80.7 m4), the flange stiffness reduction factor is given 
as S = 0.53. Thus the effective moment of inertia of the section is equal 
to 0.53 x 8000 + 1333 ~ 5573 ft4 (48.2 m2). 

d. Mass matrix: From Eqn. Ic (Appendix I) the translational masses are 
simply obtained by lumping half of each element mass to the adjoining nodes. 
The floor masses will be assumed concentrated at the floor nodes. Thus the 
mass matrix elements associated with coordinates 1 through 6 are given by 
2.7,2.7, 6.3, 2.7, 2.7, and 4.95. The terms for rotatory inertia and shear 
effects can be simplified when it is recognized that for this example ~ is 
a large number compared to unity. Thus a very good approximation to these 
terms can be obtained by r 2/2. This simplication serves to eliminate 
indirectly an issue raised in the calculation of 9hear areas. A second issue 
that should be resolved is the question of the shear lag effects on the 
calculation of the rotatory inertia terms. Among many possibilities two will 
be employed: a) the full cross-section properties and b) the partial cross
section properties. For the former the square of the radius of gyration 
is equal to x 2 = 9333/120 = 77.8 ft 2 (7.24 m2) and for the latter 
r2 = 5573/82.4 = 67.6 ft 2 (6.29 m2). The cross-sectional area used in the 
latter is related to the reduced flange moment of inertia in an average sense. 
Thus, the effective area is obtained as 2 x 20 + 2 x 0.53 x 40 = 82.4 ft 2 

(7.66 m2). Similarly the mass per unit length (pA) should reflect the same 
considerations. Thus for the first case pA~ = 0.145 x 120 x 5 + 32.2 ~ 2.7 
and for the second case pAt = 0.145 x 82.4 x 5 ~ 32.2 ~ 1.86. A similar 
consideration should be given the slabs. Although the slabs can be assumed 
to be rigid for translatory motion, they may not be so assumed for rotatory 
motion. Using Eqn. 20, for the first case J = 3.6 (1 2 + 20 2)/12 = 120. 
Considering the effects of shear lag, it is reasonable to assume that the 
portion of the slab that, on the average, is affected by shear lag be 
excluded. This is simply effected by 0.53 x 120 = 63.6. From the above 
results the mass matrix elements associated with coordinates 7 through 12 
for the first case are calculated as 210, 210, 330, 210, 210, and 225, and 
for the second case as 126, 126, 189, 126, 126, and 127. 

The differences between the shear areas as given by Cowper and Ebner and 
Billington and between the two concepts of calculating the mass matrix 
result in four possible lumped mass models. The frequencies of these models 
are compared in Table 3. It is seen that the effect of using either shear 
area is negligible. And, except for the third mode, the effect of consider
ing shear lag effects on the rotatory inertia terms is also negligible. 
(The participation factor of this third mode is extremely small.) Thus the 
model using the Cowper shear coefficients and neglecting the possible effects 
of shear lag on rotatory inertia terms would be considered as representative 
and compared to the finite element model. Since the finite-element model 
would result in many frequencies that, by the very nature of discrete 
modeling, are absent from the lumped mass models, an appropriate comparison 
between the finite-element model and the lumped mass models would be the 
response spectra of some representative point on the structure. The mid-point 
of the roof slab is selected for the purposes of this comparison. 
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These results are shown in Fig. 12. The 1% damping response spectra was 
selected to emphasize the differences between the two basic models. It is 
observed that thR differences between the finite-element and lumped mass 
model results are minor and acceptable in an engineering sense. It must be 
remembered that the degree of refinement in the two models differ by about 
two orders of magnitude. The finite element model has about 200 nodes and 
1000 dynamic degrees of freedom as against 12 degrees of freedom for the 
lumped mass model. 

CONCLUSIONS 

From the several results shown in the paper it is concluded that 
simple dynamic models can be used in the prediction to seismic excitations 
of box-type structures. The stiffness properties of such structures should 
include effects of shear lag and the proper shear areas. For the shear lag 
effects graphical solutions are provided and it is observed that the important 
parameters affecting shear lag is the height to width ratio of the structure. 
The qUestion of shear area needs further exploration although existing 
formulations give adequate results. Rotatory inertia terms should be included 
in the mass matrix and the assumption that the segment considered is rigid 
gives acceptable results. Shear deformation effects on the mass matrix are 
minor and could be neglected. In the absence of conclusive results of the 
effect of shear lag ou the inertial masses it is recommended that the 
problem be evaluated on a case by case basis. 
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Table 1. DISPLACEMENT ERROR ANALYSIS OF PRESENT APPROACH 

FLANGE MOM. INERTIA BEAM LENGTH MAX. % MAX. % ERROR 

TOTAL MOM. INERTIA 1/2 FLANGE ERROR IN IN MODIFIED 
LOADING WIDTH SIMPLE SIMPLE BEAM 

TYPE BEAM (PRESENT APPROACH) 
( 1) (2) (3) (4) (5) 

POINT LOAD 0.85 5.0 13.0 6.53 
0.6 1.41 30.00 3.8 
0.667 1.41 34.47 4.75 
0.75 1.41 39.08 6.08 
0.85 0.92 55.64 5.47 

UNIFORMLY 0.5 5.0 10.80 4.18 
DIST LOAD 0.6 1.41 34.89 5.85 

0.667 1.41 39.08 7.07 
0.77 1.41 45.79 9.4 
0.86 0.92 59.97 8.30 

TRIANGULAR 0.5 5.0 9.58 4.18 
DIST LOAD 0.6 1.41 33.83 5.55 

0.667 1.0 44.00 4.7 
0.82 0.9 56.5 6.77 

Table 2. BEAM PROPERTIES 

r/L L (tt) I Ut4) A (ft2) K E (k/tt2) G (k/ft2) 'Y (k/ft3) v 

BEAM I 0.6 100 8,305,259 2,336 0.5 4.32 x 10 5 1.85 x 105 
0.15 0.17 

BEAM II 1,0 100 5.0 x 10
7 

5.0 x 103 0.833 4.32 x 105 1.85 x 105 
0.15 0.17 

Table 3. FREOUENCY COMPARISON OF FOUR LUMPED MASS MODElS 

NO SHEAR LAG EFFECTS ON MASS WITH SHEAR LAG EFFECTS ON MASS 
MATRIX MATRIX 

MODES AS ~ 37.3 AS ~ 33.8 AS = 37.3 AS ~ 33.8 

1 6.17 5.99 6.22 6.03 

2 17.15 16.64 18.06 17.45 

3 30.37 29.34 37.16 36.04 

4 40.03 38.34 40.51 38.72 

5 49.40 47.16 49.95 47.64 

6 59.43 58.83 68.15 64.95 
_. 



_
_

_
_

_
 2

-5
" 
_

_
 _ 

R
I-

G
ID

IT
Y

C
H

IT
E

R
 

1 "'. 

"'
~E
.:
:t
 

'--
==

=-
-, 

Fi
gu

re
 1

. 
R

IG
ID

IT
Y

 A
N

D
 S

H
E

A
R

 C
E

N
TE

R
 C

O
M

P
A

R
IS

O
N

 

"~
""

M 
I 

TH
~O
AI
' 

j
""'''''

"' 
71 

r:=
 I 

f
' /1
 
.
~
-

1!
 

)( 
\ I

 
I,

 
~
 

+
 ---

++
---

--:
: 

·~~
t1t

.l 
Fi

gu
re

 3
. 

S
H

E
A

R
 L

A
G

 E
FF

E
C

TS
 S

C
H

E
M

A
T

IC
A

LL
 Y

 S
H

O
W

N
 

0
0

, 

j,
 (.~

c IJ
.)" 

Fi
gu

re
 4

. 
S

K
E

TC
H

 O
F 

E
LE

M
E

N
T 

O
F 

B
O

X
 B

E
A

M
 (

U
S

IN
G

 R
E

IS
S

N
E

R
 N

O
T

A
T

IO
N

) 

') 
') 

I 
I 

N
 ..

 O
Z

5
IK

w
) 

"
.
~
 

·
~
L
L
 

/ 
/ 

..,..
_ ..

... 
-

--
-r

--
al

 
I 

<;:
.\~

<iJ
"'.

/ 
~
~
~
7
·
~
~
-
t
l
-
-
~
-
-
-
+
-
-
-
~
-
-
-
-

/
/
 

1
/ 

/1
 

/N
-
0

2
5

0
<

 
I 

,I 
~ 

I'
 

~ l
~t

T?
 

, 
\~\\

 II
 

,... 
.... ,

 

, 
<:

)\1
f..

1.
) 

""
,1

>
 
,
.
/
 

.... 
,..- .... 

,
/
/
/
'
/
 

~
-

.....
 -

"'_
 ..... 

.,.. 
.... 

,
.
,
.
/
/
-

0' 
I 

I 

--
-- ...

. -
-.... -

-
,,

0
 

7.
!)

 

Ta
bl

e 
2.

 
S

H
E

A
R

 A
R

E
A

 C
O

E
FF

IC
IE

N
TS

 F
O

R
 B

O
X

 S
E

C
TI

O
N

S
 (

A
F

T
E

R
 C

O
W

PE
R

 (
1)

) 

.....
.. 

-
'
 

0
)
 

-
'
 



-
-
~
l
 

I 
I 

l/
P

l 
I 

/
7

 ~
I 

I 
I 

I 

~ 
.=

i' 
! 

v 
~.

 l
 

t-
~
p
 (

ll
 -

u
o

h
 

();
O

J 

1 
I 

I 
_.

, 
"'

'''
'''

''j
'' '

"'
""

 "'
j"

'"
'"

"'
" 

t···
,·"

 

Fi
gu

re
 5

, 
6V

E
R

S
U

S
 

'rI
, 

C
A

N
T

IL
E

V
E

R
 -

P
O

IN
T 

LO
A

D
 

11
Jt1

"· 1,
11

' 
~
.
 

"
1

-
-
-
+

-
+

.
 

-
+
-
-
=
,
:
;
q
-
-
~
 

--
--

'-
--

-.
. 

"'
, (

f)' 

,I--
---

---
---

I 
.J

o-
l+

~[
1(

"I
)}

+I
):

r-

1(
Jd
)2
.l
n~
(l
tl
!O
:~
~~
~)
-

2 
.!
~M
~J
)J
 

Fi
gu

re
 6

. 
~
V
E
R
S
U
S
 

'rI
, 

C
A

N
T

IL
E

V
E

R
 -

U
N

IF
O

R
M

LY
 D

IS
TR

IB
U

TE
D

 L
O

A
D

 

I 
./"

1 
\' -

" 
~
~
'
1
-
~
'
 

1
:
l
m
~
 

~_1
-j.

.1.
!! 
~
 [
~
.
 (
~t
)2
_1
)_
~(
"'
)_
~'
. 

1
1

 
(~

I)
 

(.
1

) 
(~

l'
 

-t
 

(A
 
I
h

h
 
(~I

) -
t 

H
 
~o
.b
(k
O 
(
~
-
~
)
l
 

(o
il

 
(
k
if

 

II
..

 
(
I
d

/n
 

kJ
,lT

I"
h 

(~
j)

 -
I 

.~
.l

\(
kl

) 

Fi
gu

re
 7

. 
~
V
E
R
S
U
S
 '

rI
, 

C
A

N
T

IL
E

V
E

R
 -

T
R

IA
N

G
U

LA
R

 L
O

A
D

. 

,-

f 
,/

 
, 

.-
rf

'"
,,

; 
*<
).
~.
; 

". 

w"
"I

 .. ","
",

",
!,.

""
,,,

,, 
W

T
 

,
"
T
"
.
T
H
"
'
"
!
T
l
C
"
'
L
'
'
'
(
Q
u
E
'
'
C
~
 

.!."
'.":

-o.
'_J

 ...
. -

· .
. ·

 

f 
n-=

= 
I 

,,,
 .
. ,

, 
r-

-.
....

.. -
---

-

-

l ; 

Fi
gu

re
 B

, 
B

E
A

M
 I

 C
O

N
V

E
R

G
E

N
C

E
 S

TU
D

Y
 -

R
O

TA
TO

R
Y

 E
FF

E
C

TS
 O

N
L 

Y
 

" 
I 

/ 

, 
/ 

4"'
Oj~

/ 
, --

.r
''

''
 

, 

--
--

- _
''"

1
' 

_
.
_

 
I 

~)
; 

L
!
 -
-
'
-
-
:
-
-
-
'
-
-
:
-
-
-
-
-
-
-
:
-
-
~
_
_
_
7
-
~
-
-
-
-
-
;
-
~
-
-
-
-
-
;
-
.
.
L
.
~
 

Fi
gu

re
 9

, 
B

E
A

M
 I

 C
O

N
V

E
R

G
E

N
C

E
 S

TU
D

Y
 -

S
H

E
A

R
 A

N
D

 R
O

T
A

T
O

R
Y

 E
FF

E
C

TS
 

-j
 

_ 
..

..
 1_

·--
-' 

.-
-_

.-
.-

.-
.-

-

l
'
 

. 
,
I
 

I 

~'
 

.I 
.~~

.;-
.'-

-1
 

>-
I 

",
I 

~ 
""i'

'''"I
' 

.,'C
,' 

.i
 

I 
w

 
.~

 L
U

".
'O

 .
...

. $
\ 

....
 O

C
l."

 '
~E

';
''

'~
~~

Y 
,
.
 

W
T

 
I;

 
~
H
E
O
"
E
T
I
~
H
 '

''
E

a
U

<
N

,Y
 

i 
I 

Fi
gu

re
 1

0.
 

B
E

A
M

 I
I 

C
O

N
V

E
R

G
E

N
C

E
 S

TU
D

Y
 -

S
H

E
A

R
 A

N
D

 R
O

TA
TO

R
Y

 E
FF

E
C

TS
 

-
'
 

-
'
 

m
 

N
 



1 I 
1 I 

l!1 

;" 

ROOF AND FLOOR 

z 
g 

I 
z f-« g I:: 
f- U 
U X w w 
a: 

"-
0 a 

ROOF LEVEL 

<t. 
I t 

PLAN 

40' 

FLOOR LEVEL 

I 

"~"~ I 

'///// '////////// '///// 

f---- 4 ELEMENTS@ 5' ~ 20' ~ 

(/) 

fz 
w (:, 
:2: ~ 
W 
.-J 
W l!1 

N@ 

1 
(:, 
M 

" l!) 

@ 
Cf) 

f-
2: 
w 
;,; 
W 
-J 
W 

'" 

J 

1163 

@- 6 

12 

(a) STRUCTURE OUTLINE (b) FINITE ELEMENT MODEL (c) LUMPED MASS MODEL 
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APPENDIX I 

la. CONSISTANT ELEMENT MASS MATRIX (4) 

m = ~ (Nu + Nb(b, + 2'.<1',')/ hh + ."0<11, + Tlo'II,2)1~ 

r 

. H + 10<11, + ~([J.:" 

(I + \P,? 7~ + ,'ocjl, + i'lJ,. Uto + .~(I>, + l.¢.")/ 
Symmctric 

H + .;(1', -I- j([I,2 

-(No + '&¢, + hlP.")! -(rh + .\lP, + ThIP,2)/2 -(M + h'o¢. + 2\1),2)1 (rh-I 

m = pAR 

m = pAR 

lb. "LUMPED" ElEMENT MASS MATRIX FROM la ABOVE. 
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+- + 

10 

Ic. MODIFIED "LUMPED" ElEMENT MASS MATRIX 
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SUMMARY 

This paper presents the results of an analytical investigation to determine 
the effect of important structural characteristics on the seismic response of isolated 
structural walls. The properties considered include the fundamental period 
of vibration as affected by the stiffness, the strength or yield level, the stiffness 
in the post yield range, strength taper, and viscous damping. 

The basic structure considered in the study is a 20 story building. The 
corresponding ana[ytical model consists of a cantilever with masses concentrated 
at floor levels. Inelasticity is allowed by point "plastic hinges" which form at 
the ends of elements when the yield moment is exceeded. The moment-rotation 
characteristics for these hinges account for the decrease in stiffness resulting 
from cyclic loading. The input motion used is the first 10 seconds of the E-W 
component of the 1940 EI Centro record, with the acceleration amplitude adjusted 
to obtain a 5% damped spectrum intensity equal to 1.5 times that of the N-S component 
of the EI Centro record. 

The effect of the various structural parameters on the seismic response 
is evaluated essentially qualitatively with particular attention given to the ductility 
requirements of the hinging region and the interstory displacements along the 
height of the bui [ding. [t is found that increasing the stiffness of a structure, 
and thus decreasing its fundamental period, results in a reduction in the interstory 
displacements but an increase in the ductility requirements. An increase in 
the yield level generally tends to decrease both the ductility requirements and 
the magnitude of the interstory displacements. 

INTRODUCTION 

In recent years, observations of the performance of buildings during earthquakes 
have indicated the effectiveness of structural walls in controlling damage within 
the structures and in ensuring their general safety. 
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The establishment of rational seismic design procedures tor buildings 
stiffened with structural walls requires a study of the response of such structures 
to earthquakes and the determination of the associated deformations and forces. 
Since the seismic behavior of buildings is affected by their structural properties 
and the characteristics of the ground motion, this study was undertaken to evaluate 
qualitatively and quantitatively the effect of the most important structural and 
earthquake parameters. 

This paper presents the results of the study of the effects of structural 
properties on the seismic response of buildings stiffened with isolated struc
tural walls. The study of isolated walls was motivated not only by the need to 
obtain information for this type of construction but ~Iso to establish a reference 
with which results for more complex wall systems can be compared in the later 
stages of the investigation. 

PARAMETRIC STUDIES 

The influence of the structural properties on seismic response was evaluated 
within the framework of a parametric study. The properties considered as para
meters were those expected to have a significant effect on the response of the 
structure, particularly in relation to the deformation characteristics of individual 
members as well as the entire structure. These are the following: 

1. fundamental period of vibration, as affected by stiffness, 

2. strength or yield level, 

3. stiffness, in post-yield range, 

4. viscous damping, 

5. variations in stiffness*, and strength along the height, as well as 
variations in the height* (number of stories) , 

6. degree of fixity* at the base of the structure. 

To evaluate the effect of the above variables the following general procedure 
was used. 

* 

1. A 20 story building designed on the basis of the Uniform Bui/ding Code 
Zone 3 requirements was established as the reference structure. A 
number of other designs were considered to determine the practical range 
of variation of the structural properties. 

Results for this parameter are not included in this paper. 



2. The reference structure was subjected to a number of strong mOf~0'J) 
accelerograms. Based on the results of these dynamic analyses ' 
a ground motion was selected for input in the parametric studies. 
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3. Dynamic analyses were carried out on walls obtained by varying in the 
reference structure the particular parameter under consideration while 
holding the other properties constant. 

Basic Bui Iding Properties 

The basic structure considered in the parametric studies is a 20-story 
building consisting mainly of a series of parallel structural walls, as shown in 
Fig. 1. The building is 60 n. x 144 ft. in plan and rises some 178 feet above 
the ground. All story heights are 81-9" except the first story, which is 121-0" 
high. 

For the purpose of the dynamic analysis, the mass of the structure was 
calculated to include the dead weight and 40 percent ofJPe live load specified 
for apartment bui Idings by the Uniform Bui Iding Code . This percentage of 
live load was deemed reasonable and is consistent with the current specifica
tions for the design of columns in the lower stories of buildings. 

The stiffness of the structural wall in the basic building was assumed uniform 
along the height since this provides a better reference for the evaluation of the 
effect of stiffness taper. A constant wall cross-section was also assumed through
out the height of the basic structure. However, a reduction in the yield level 
of sections above the base was included to reflect the effect of axial loads on the 
moment capacity. The structural elements were assumed to possess unlimited 
deformation capacity (ductility) since the major objective of the study is the 
determination of the deformation requirements corresponding to particular para
meter values. The building was assumed to be fully fixed at the base except 
for the cases where the base fixity condition was the parameter investigated. 
The basic bui Iding properties are listed in Table 1. 

TABLE 1. Basic Bui Iding Properties 

Number of stories 

Height 

Weight (for mass computation) 

Stiffness EI for T 1 = 0.80 sec 

1.40 

2.00 

2.40 

20 

178.25 ft. 

4370 k/wall 

6.34 x 10" k-in
2

/wall 

2.052 x 10" 

0.990 x 10
11 

11 
0.684 x 10 
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Fig. 1 Twenty story building with isolated structural walls 
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moment-rolation relationship 



1169 

computer Program and Modelling 

The dYrQ~~c analysis studies were carried out using the computer program 
DRAIN-2D, , a general purpose program for the inelastic analysis of plane 
structures subjected to earthquake excitations. The program uses the direct 
stiffness method of analysis with the nodal displacements as unknowns. The 
dynamic response is determined by a step-by-step procedure based on the 
assumption of a constant acceleration within any step. 

For the purpose of the dynamic analysis and based on some preliminary 
investigations the reference building was represented by the simple analytical 
12-mass model shown in Fig. 2. This simplified model has the mass lumped 
at alternate story levels except in the lower portion where the mass is lumped 
at nodal points established by requirements of the hinging region of the wall. 

The proper modelling of the region of potential hinging at the base of the 
waif is important if a reliable assessment of the deformation requirements in 
this critical region is expected. The model of the plastic region should not 
only be realistic but should allow convenient interpretation of the dynamic 
analysis results and correlation with experimental data. The program DRAIN-
2D accounts for inelastic effects by allowing the formation of concentrated "point 
hinges ll at the ends of elements when the moments at these points equal the 
specified yield moment. The moment-rotation characteristics of these point 
hinges are defined in terms of a basic bi linear relationship which develops 
into either a stablt7rysteretic loop or one which is an extended version of 
the Takeda model exhibiting a decrease in reloading stiffness (Fig. 3) with 
loading cycles subsequent to yield. Since the latter model represents more 
closely the behavior of reinforced concrete members under reversed inelastic 
loading, it was used throughout this study. The values of a and ~ used in 
this investigation (a = 0.1, f3 = 0) are within the practical range found in experi
mental results for 'members under cyclic loading. It should be noted that dynamic 
analysis results indicated that the response is not particularly sensitive to 
variations in these coefficients. 

In using elements with potential point hinges at the ends the main difficulty 
arises in assigning the proper moment rotation characteristics to the hinges. 
If the elements are made very short the curvature may be assumed uniform 
along the member or the variation may be closely approximated and the moment 
rotation curve for the hinges is easily obtained from the moment-curvature 
relationship of the section. Since in this study it was desirable to divide the 
wall into the minimum number of elements consistent with the accurate deter
mination of the response quantities, some preliminary analyses were made 
using different element sizes. Based on the results of these studies the elements 
were conveniently made one story long in the lower portion of the wall where 
most of the hinging occurs. In the upper portion the elements were made two 
stories high. 
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The integration time step used in the dynamic analyses was determined 
by trial runs. In general ~t == 0.02 sec. was used except in the cases of the stiffer 
structures for which intervals of 0.005 to 0.01 seconds were needed to obtain 
sufficient accuracy. 

The viscous damping assumed for the structures considered in this study 
consists of a linear combination of stiffness-proportional and mass-proportional 
damping. The damping distribution among the initial component modes is defined 
in terms of the percentage of the critical damping for the first mode and the second 
mode, which are assumed to be equal. Except when damping was the parameter 
under consideration a damping coefficient of 0.05 was assumed. 

Ground Motion Characteristics 

The ground motion used in the dynamic analyses has the same frequency 
characteristics as the E-W component of the EI Centro 1940 record. The duration 
of the motion was set at 10 seconds since preliminary studies indicated that maximum 
effects were produced during this interval. The intensity was normalized to 
1.5 times the spectrum intensity corresponding to the first 10 seconds of the 
N-S component of the 1940 EI Centro record. Studies to determine the effect 
of different frequency characteristics, duration and intensity on the response 
are reported in References (2) and (3) . 

RESULTS 

I n selecting the response quantities to be studied primary importance was 
given to the ducti lity requirements, the displacements, the interstory displace-
ments which provide a measure of the potential damage to structural and non
structural components of a bui Iding, and the forces developed during the motion. 
Particular attention was given to the behavior of the hinging region since it represents 
the most critical part from the point of view of expected deformations as well 
as its importance to the behavior of the wall and other structures that may be 
attached to the wall. Some typical plots of deformations and forces for the reference 
structure are shown in Figures 4 and 5. The basic plots presented to show the 
effect of different paramenters are envelopes of maximum values of the response 
quantities. 

The deformation requirements for the elements of the wall are presented 
in terms of the rotational ductility which is defined as 

8 
r == 

e 
max 

e 
y 

where 8 is the maximum effective member rotation and e is the effective 
rotation ~g;'<responding to yield. In terms of moments, this definition becomes 

e == 
r 

, + 
(M - M ) 

max y 
r M 
y Y 
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Fig. 4 Typical dynamic analysis results for reference building 
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where r is the ratio of the slope of the second, post-yield, branch to the slope 
of the inYtial or elastic branch of the primary bilinear moment-rotation curve 
of the member, i.e., the yield stiffness ratio. 

The effect of the various parameters on the response is discussed in the 
following paragraphs. 

Effect of Fundamental Period 
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The effect of the initial fundamental period was investigated using values 
of 0 . 80, 1.40, 2.00, 2.40 seconds to cover the practica I range for 20 story 
buildings. Each of the periods was investigated under varying values of the 
yield level in order to examine the relationship between these two major variables 
and the response quantities. Envelopes of maximum values of deformations 
and forces OVer the entire height of the building are presented in Fig. 6 for 
the yield level M = 500,000 in-k. and a yield stiffness ratio r ::: 0.05. Results 
over the entire r~nge of yield levels considered are shown in Fig. 8 for critical 
sections. 

I n general, the results indicate a consistent increase in displacements 
and interstory displacements with increasing period or decreasing stiffness 
of the structure. The shears corresponding to the same yield level do not 
vary significantly over the period range considered. It is interesting to note, 
however, that for the lower yield levels (Fig. 8) the shears are minimum in 
the period range of 1.40 seconds. The ductility requirements become greater (6) 
with decreasing fundamental period, a trend also observed by Ruiz and Penzien 
As indicated in Figures 6 and 8, however, beyond a certain value of the fundamental 
period, the ductility requi rements do not decrease significantly with an increase 
in period. Thus, the ductility requirements for the structures with periods 
of 2.0 and 2.4 sec. are about the same. 

Effect of Yield Level, M 
y 

The values considered in studying the effect of the yield level on the seismic 
response, range from 500,000 to 1,500,000 in-k. Envelopes of maximum response 
quantities corresponding to T ::: 1 .40 sec. are shown in Fig. 7. The effect 
of the yield level for other val1es of the fundamental period is indicated in 
Fig. 8. 

The following general comments apply to all cases shown in these figures: 
For the same fundamental period, the horizontal and interstory displacements 
decrease sharply as the yield level increases from 500( 000 in-kips to a value 
associated with nominal yielding at the base. Above this value, the trend is 
reversed and an increase in yield level is accompanied by an increase in horizontal 
and interstory displacements. The maximum shears increase sharply with 
the yield level, for periods equal to 0.80 and 1.40 sec. In the case of the higher 
periods (2.00 and 2.40 sec.) the effect of the yield level on shears is rather 
negligible. The rotational ductility requirements increase significantly as 
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the yield level decreases. This qualitative trend has also been obsE(r,yed in 
connection with the response of single-degree-of-freedom systems. 

Effect of Yield Stiffness Ratio, r 
y 

The effect of the slope of the second, post-yield branch of the primary 
bili near moment-rotation curve of the members which make up the structural 
wall was investigated by considering values of the yield stiffness ratio of 5% 

1177 

and 15%. The results (Fig. 9) show that an increase in the slope of the post
yield branch of the M-9 curve tends to reduce horizontal and interstory displace
ments as well as the ducti lity requi rements at the base. The shears at the base 
increased only slightly with the increase in the value of r . In general the 
effect of r is relatively sma[[. This is because for the Tctkeda mode[, the response 
after yielding may be governed not so much by the primary M-9 curve as by 
the rules governing the slope of the reloading stiffness associated with the model. 

Effect of Dampi ng 

To study the effect of damping, values of the damping coefficient of 0.05 
and 0.10 were considered. As has been observed in other studies, the general 
effed of increasing the damping in a structure is to reduce the magnitude of 
the response quantities. For the particular case considered here, increasing 
the damping coefficient from 0.05 to 0.10 produced only a relatively small (about 
10%) reduction in the response quantities. 

Effect of Strength Taper 

The strength tapers considered in this study are uniform variations in 
strength along the height with the magnitude of the taper defined as the ratio 
of the yield moment at the base to that at the top of the building. The results 
using ratios of 1.0 (uniform strength) to approximately 4.0 show some increase 
in ductility requirement in the intermediate stories due to a taper in strength 
but the effect on other quantities was negligib[e. 

SUMMARY AND CONCLUSIONS 

The effect of important structural parameters on the seismic response of 
isolated structural walls has been presented in the form of a parametric study. 
The significant observations made in connection with this study are summarized 
below. 

The magnitude of the deformation (i.e., ductility requirement) generally 
increases with decreasing fundamental period (or increasing stiffness) 
of a structure. The effect is more pronounced in the case of lower 
yield levels. [n hinging regions the magnitude of deformation (ductility) 
decreases with increasing values of the yield [eve[. An increase in 
the value of the slope of the post-yield branch of the M-8 relationship, 
r I results in lower ductility requirement. 

y 
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A direct result of increasing the stiffness of a structure and decreasing 
its fundamental period (assuming essentially the same mass) is the 
reduction of the interstory displacements along the height of the structure. 
The magnitude of the interstory displacements also tends to diminish 
with increasing yield levels as long as significant yielding occurs 0 

Within a narrow range, where only nominal yielding occurs, the interstory 
displacements, particularly in the upper stories of a structure, tend 
to increase with increasing values of the yield level, until a value 
is reached when no yielding (purely elastic response) occurs. 

The shear forces developed during the motion are generally not affected 
very significantly by the fundamental period of the structure 0 Increasing 
the yield level results in sharp increases in the shear forces for structures 
with low periods but this effect diminishes for higher periods 0 

The preceding discussion of the effects of various structural parameters 
was meant to establish the relative importance of these parameters with respect 
to the significant response quantities. The response values presented here cor
respond to a building of a certain height and mass, subjected to a particular 
ground motion and are not intended for design purposes. 
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SUMMARY 

An in-depth study on the effects of sectional shape on the behavior of 
structural walls (shear walls) is reported in this paper. The approach used 
is a cOmputer simulation of the response of a large number of structural wall 
sections with varying shapes. Sectional shape is varied by changing three 
variables: flange width, flange thickness, and web thickness, while keeping 
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a fourth variable, total depth, unchanged. The result for each section analyzed 
is obtained in the form of its moment-curvature diagram. Each of these diagrams 
is idealized into a bilinear curve which can be completely defined in terms of 
four parameters: initial elastic stiffness, yield level, post-yield stiffness, 
and ductility ratio. Conclusions are drawn concerning the effects on these 
four parameters of the above three variables. 

INTRODUCTION 

Whi Ie the open frame structure represents a highly efficient gravity load
carrying system, deep flexural members such as structural walls are more 
efficient in terms of lateral stiffness per unit volume of material. The use of 
structural walls to stiffen multistory bui Jdings against wind loads has, by 
now I had a long history of satisfactory results. In bui Idings required to resist 
earthquake excitations, not only efficient lateral load resistance, but also superior 
damage control can be attained with the use of properly proportioned and detailed 
structural walls which have sufficient ductility or energy absorption capacity· 
built into them. 

While the analysis for lateral loads of buildings containing structural walls 
can now be handled with relative ease and sophistication, the current state
of-the-art of structural wall design requires further development. As a step 
towards the evolution of rational and practical design procedures for slender 
structural walls governed by flexure, a parametric study directed to a thorough 
understanding of variables affecting the strength, stiffness and ducti lity of 
such walls has recently been undertaken at Portland Cement Association. 
Some of the results of this ongoing investigation are presented in this paper. 
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Sectional shape is one of the most fundamental variables affecting the response 
of a slender structural wall to external loading. This paper presents an in-
depth study of this one important variable. The cross-sectional shape of most 
commonly encountered structural walls may be defined in terms of four variables: 
total depth, flange thickness, flange width and web thickness. By keeping 
total depth unchanged and varying the other three parameters, a wide range 
of sections varying in shape from rectangular to wide-flanged I was studied. 
Great care was exercised to isolate the variable of interest, or, in other words, 
to prevent a simultaneous variation in other parameters such as the percentage 
and location of reinforcement, concrete strength, steel strength, etc. 

The approach used in this analytical investigation is a computer simulation 
of the behavior of the sectiors studied. A computer program was especially 
developed for the purpose. The program uses realistic representations of 
the properties of concrete and steel, and is based on an assumption of linear 
strain distribution and on the conditions of force and moment equilibrium. 
The program produces complete moment-curvature diagrams of the sections 
analyzed. The interpretation of results is facilitated through a superimposition 
of these curves in various combinations and through suitable idealizations 
whenever necessary. Such interpretation leads to certain useful conclusions 
concerning the effects of sectional shape on the response of slender structural 
walls to external loading. 

Monotonic loading only is simulated in this study, since no satisfactory 
model of the possible effects of cyclic loading on concrete behavior has been 
developed as yet. Also, a crucial assumption underlying this study is that 
the behavior of slender structural wall sections is governed by flexure rather 
than by shear. In other words, it is assumed that the shear capacity of the 
critical structural wall section is sufficient to permit eventual flexural failure 
under combined bending and axial load. There are indications that repeated 
reversed loading of reinforced concrete sections in the inelastic range may 
lead to a reduction in their shear resistance. Finding ways of adequately rein
forcing concrete sections against premature shear failure, even under severe 
load reversals, is the subject of a current experimental investigation at Portland 
Cement Association. This investigation, hopefully, will result in reinforcement 
arrangements, and the corresponding maximum allowable stress levels, sufficient 
to prevent premature shear fai lure and to cause no significant reduction of 
flexural strength under repeated reversals of loading in the inelastic range. 

EXTENT OF INVESTIGATION 

The one variable of this investigation, as mentioned earlier, was sectional 
shape. It waS varied by varying flange width, flange thickness and web thickness, 
while keeping total sectional depth unchanged. Ten values of flange width 
(B), five values of flange thickness (t

F
) and three values of web thickness 

(\v) were considered, as listed in Table 1 and as indicated in Fig. 1. 
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Table 1: Geometric Properties of Sections Analyzed 

Flange Width Flange Thickness Web Thickness 
Designation in. (mm) Designation in. (mm) Designation in. (mm) 
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Total sectional depth was kept constant at 240 in. (6096 mm). Each analyzed 
section had a designation indicating a particular combination of the above three 
parameters. For instance, Section W2F384 had a flange width 84 = 36 in. (314.4 mm) 

a flange thickness t
F3

== 24 in. (609.6 mm), and a web thickness ~2 == 18 in. (4S7 -: 

Fifty-four sections In all were analyzed. 

The location of the reinforcement, which was kept the same for all sections 
analyzed, is indicated in Fig. 1. The amount of reinforcement in each flange 
was 0.5% of the flange area, divided in two layers. The amount of reinforcement 
in each web was 0.25% of the web area, distributed over eleve~layers. Steel 
and concret~ strengths were kept constant at 60 ksi (414 N/mm ) and 4 ksi 
(27.6 N/mm ), respectively. The concrete in each section was considered 
to be unconfined. Each section was analyzed under an axial load equal to 15% 
of the axial load capacity of the section. This was considered representative 
of the axial loads normally carried by structural walls in most common types 
of construction. 

It should be noted that the parameters kept unchanged in this particular 
investigation are the prime variables in other segments of an extensive parametric 
study on the behavior of structural wall sections now in progress at Portland 
Cement Association. The present investigation forms a part of this general 
parametric study. 

RESULTS OF ANALYSIS 

The computer output for each section analyzed was obtained in the form 
of a set of k (non-dimensional neutral axis depth), a (steel stress at the 
extreme tension layer) . cp (curvature) , and M (bending moment) values, corres
ponding to the given magnitude of axial load applied on the section, and to 
various values of e (concrete strain at the extreme compression fiber) imposed 
on the section. Thr~e critical stages of sectional behavior were clearly identified 
in the output for each section. These stages are: (1) cracking, defined by 
the initiation of tensile concrete strains at the extreme tension fiber, (2) first 
yielding of the extreme tension reinforcement layer, and (3) the attainment 
of the moment capacity of the section. The curve in Fig. 2 is a plot of the cal
culated moments against curvatures for section W1 F1 81. The three critical 
stages mentioned above are clearly identified on the plot. 

The program 1 used for sectional analysis in the present investigation does 
not permit a decrease in reinforcement strains, as the extreme compression 
fiber concrete strains are increased from one stage to the next. This is because 
no unloading stress-strain curve with a decrease in strains is defined for steel. 
At advanced strain stages, where an increase in the extreme compression fiber 
concrete strain may mean a net decrease in the total compression force because 
of concrete unloading, a corresponding decrease in the tensile steel stresses 
and strains may be absolutely necessary for the satisfaction of equilibrium. 
This is the reason why the satisfaction of equi librium under the given axial 
load turned out to be an impossibility for each section, beyond a particular 
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value of the extreme compression fiber concrete strain which depended upon 
the properties of the section. As a result, the termination of each moment
curvature diagram obtained in the course of this investigation was at the stage 
beyond which force equi librium under the given axial load could not be satisfied. 

It is intended in subsequent phases of the present investigation to try to 
extend the moment-curvature diagrams up to where the moment decreases 
along the descending branch to 80% of the maximum moment capacity. This 
is in view of the fact that, particularly in seismic analysis and design, it may 
be reasonable and practical to define ductility (curvature at the limit of useful 
deformations divided by curvature at yielding of the section) in terms of such 
a termination stage. Extension of the moment-curvature diagrams would require 
a switch from extreme compression fiber concrete strain as the independen, 
variable to curvature as the independent variable in the computer program 
for sectional analysis. 

IDEALIZATION OF MOMENT-CURVATURE DIAGRAMS 

To facilitate interpretation of the analytical results, each computed moment
curvature diagram was idealized as indicated in Fig. 2. The principal features 
of a bilinear idealized curve such as the one in Fig. 2 can be defined in terms 
of four parameters: the slope of the initial elastic branch, the yield level 
(moment corresponding to the point where the two branches of the bilinear 
curve meet) , the slope of the post-yield branch, and ductility (defined as 
curvature at termination of the M- q:> curve divided by curvature corresponding 
to the yield level). The slope of the first branch, which is a measure of the 
stiffness of the section, is a prime factor in determining the initial period(s) 
of vibration of a structure. The degree to which the behavior of a structure 
is influenced by the initial period (s) of vibration depends on the yield level 
of the critical section (5).; that is, on how early during its response the structure 
becomes inelastic. After yielding, the behavior of the structure becomes a 
function of the characteristics of the hysteretic force-deformation curve, which 
include the slope of the post-yield branch. Ductility of the critical section (s) 
governs the deformabi I ity as well as the energy absorption capacity of a structure, 

A computed moment-curvature diagram is idealized into a bilinear curve 
by following the steps outlined below: 

(1) Compute the slope of the initial elastic branch as follows: 

1 Me 
EI = - (-- + 

2 q:> 
e 

(1 ) 

where M I q:> , are the moment and curvature, respectively, corresponding 
to the stcfge oT cracking; and M' , cp' ,are the moment and curvature, 
respectively, corresponding to fi rst yYelding of the extreme tension rein
forcement layer, 
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(2) Locate the yield point of the section such that the area under the computed 
moment-curvature diagram up to its peak would be equal to the area 
under an idealized bilinear curve, if the post-yield branch of such 
a curve were to extend from the yield point to the peak of the computed 
diagram. This criterion results in the foflowing coordinates of the 
yield point of the section: 

2Au - M cP u u (2) 
~ 

= 
EI . 'Pu -M 

u 

M EI. 'Py (3) 
y 

where A is the area under the computed moment-curvature diagram 
up to itsUpeak point and M ,'P are the moment and curvature, respec
tively, corresponding to t~e pe~k point. 

(3) Calculate the moment at termination of the idealized moment-curvature 
diagram (the idealized and the computed diagrams terminate at the 
same curvature), such that areas under the idealized and the actual 
moment-curvature diagrams up to their respective termination points 
are equal: 

where 

and 

-M 
'P t - 'Py Y 

2 (A - A ) = ___ t,---J.Y_ ( 4) 

At is the area under the actual M - cp diagram up to its termina
tion point, 

A 
Y 

is the area under the idealized M-'P diagram up to the calculated 
yield point (= M <p. /2) , 

'P
t 

is the termination ~ur~ature. 

(4) Make the following adjustment if Mt' as given by Eq. (4), exceeds Mu: 

= M 
u 

(5) 

(5) If the above adjustment is made,relocate the yield point of the section such 
that the total areas under the idealized and actual M - 'P diagrams would be 
equal: 

M 
Y 

(6) 

(6) Compute the slope of the post-yield branch and the ducti lity ratio as 
follows: 

M - M 

E1sh = t Y (7) 
CPt - 'Py 

[.l = 'P/'Py 
(8) 



The remainder of this paper is devoted to a detai led discussion of the 
effects of sectional shape on the four parameters--EI, M ,EI , and f-l--
of the idealized M - q:> diagrams. y sh 

EFFECTS OF FLANGE WIDTH ON STRUCTURAL WALL BEHAVIOR 

The four idealized M--<p curve parameters--initial elastic stiffness (El), 
yield level (M ), post-yield stiffness (EI ) and ducti lity (f-l = q:> I q:> ) --are 
plotted as fund'ions of flange width in Fig~~. The trends evidenttfrdm this 
figure are discussed below. 

Initial Elastic Stiffness (Fig. 3a): EI increases linearly with an increase 
in flange width. The rate of increase is dependent on flange thickness and 
web thickness, with steep increases corresponding to thick flanges and webs. 

Yield Level (Fig. 3b): M also increases almost linearly with increasing 
flange widths, the rate of inc~ease being high for sections with thick flanges 
and webs. 
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Post-Yield Stiffness (Fig. 3c): EI appears to increase with flange width, 
flange thickness and web thickness, a~qhe flange width is increased beyond 
a certain value. Until this value is reached, however, the trend as to the 
effects of these three geometric variables On EI h is rather confused. Fig. 
4, which illustrates the moment-curvature diagSrams of a set of sections with 
the same flange thickness and web thickness, but with varying flange widths, 
may serve to explain this phenomenon. It is apparent that the M-cp diagrams 
of sections with narrow flanges terminate at moments along their descending 
branches which are well below the respective maximum moments. The M- q:> 
diagrams of sections with wider flanges, on the other hand, terminate at or 
shortly past the maximum moment. This in itself would account for much of 
the apparent reversal of slope exhibited by the EI b versuS flange width curves 
in Fig. 3f. A more orderly trend should emerge ~lien the sectional analysis 
program is extended, and all M- q:> diagrams terminate at moments along their 
descending branches equal to 80% of the respective maximum moments. The 
kinks in the initial portions of some of the curves in Fig. 3c are apparently 
attributable to the adjustment effected by Steps 4 and 5 in the idealization of 
computed moment-curvature diagrams (preceding section). If these kinks 
persist after all M-q:> diagrams are extended to 80% of maximum strength along 
their descending branches I the process of idealization itself has to be reviewed 
and modified as necessary. 

Ducti I ity Ratio (Fig. 3d): Increasing flange widths cause a highly significant 
improvement in the ductility of a section. The raie of improvement appears 
to diminish with increasing flange thickness and web thickness. 
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The magnitudes of the ducti lity ratio in Fig. 3d may require some comments, 
these being significantly higher than the comparable ducti lities reported in 
Ref. 2. This is caused by two major changes in the definition of the ductility 
ratio (.l = cp /cp . cP in Ref. 2 corresponds to the peak of the M-<p diagram, 
whereas in the preseht study it is the curvature at termination of the M- <p 
diagram. <p in Ref. 2 corresponds to first yielding of the extreme tension 
reinforcement, whereas in this study it is the curvature at yielding of the section, 
as defined by the intersection of the two branches of the idealized M-<p curve. 
Both these changes cause increases in the value of (.l, with the change in the 
definition of <p having a more significant effect. It is believed that such change 
is unlikely to aYter the basic trends exhibited, by Fig. 3d, except that the trends 
are likely to become more orderly, particularly at low values of the flange 
width. 
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Fig. 4: Moment-Curvature Diagrams of Sections with Varying Flange Width 

EFFECTS OF FLANGE THICKNESS ON STRUCTURAL WALL BEHAVIOR 

Idealized M-q> curve parameters are plotted as functions of flange thickness 
in Fig. 5 which presents a clear picture of the influence of this variable on 
structural wall response. A discussion of this figure follows. 

Initial Elastic Stiffness (Fig. Sa): Increasing flange thickness causes 
an increase in EI values. The rate of increase is higher for sections with wide 
flanges and thick webs. 

Yield Level (Fig. 5b): 
in flange thickness. 

Mis affected in the same manner as E I by an j ncrease 
y 
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Post-Yield Stiffness (Fig. 5c): The trends exhibited by Fig. 5c are rather 
confused, because of reasons mentioned in the preceding section. However, 
if one considers only the wide-flanged sections with their M-cp diagrams termina-
ting at or shortly beyond maximum moment, which makes the EI values of 
these sections suitable for proper comparison, there are clear i~gications that 
EI sh increases with increasing flange thickness. 

Ducti lity Ratio (Fig. 5d); Different trends are apparent for wide-flanged 
sections with thei r M-cp curves terminating at or just beyond maximum moment, 
and for sections having narrower flanges with their M- cp curves extending 
further. However, it is clear that in cases where an improvement in the ductility 
of a section is desired, increasing the flange thickness is not an effective way 
of achieving it. 

EFFECTS OF WEB THICKNESS ON STRUCTURAL WALL BEHAVIOR 

Idealized M- cp curve parameters are ploUed as functions of web thickness 
in Fig. 6, a discussion of which follows. 

Initial Elastic Stiffness (Fig. 6a): There is a slight, almost insignificant, 
increase in EI with increasing web thickness. 

Yield Level (Fig. 6b); M and EI are influenced in exactly the same way 
by an increase in web thickne?'s. 

Post-Yield Stiffness (Fig. Gc): The effect of an increase in web thickness 
on EI h appears to be favorable. However, this trend ought to be confirmed 
folloJtng the extension of the M-cp curves beyond their peak points to 80% 
of maximum strength. 

Ducti lity Ratio (Fig. 6d): An increase in web thickness appears to have 
a decidedly unfavorable effect on the flexural ductility of a section. 

FURTHER PROCESSING OF RESULTS 

An increase in any of the geometric variables considered in this study 
causes a corresponding increase in the concrete area and the reinforcing steel 
area of a section. The effectiveness of any of these variables in improving 
the parameters under consideration (EI, M ,EI h'~) can only be assessed 
if the changes in these parameters caused ~y in~reases in the variables are 
examined in light of the corresponding changes in concret.e and steel areas. 
Each of the three parameters other than the ducti lity ratio, which is nondimen -
sional, was divided by concrete area, steel area, and the product of steel 
and concrete areas, and these ratios were plotted as functions of the variables 
of interest. Space restrictions will not permit the inclusion of these plots here. 
Consideration of these plots, however I entered into the drawing of conclusions 
which follow. 
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CONCLUSIONS 

1. Increasing the flange width appears to be the most effective way of 
improving the initial elastic stiffness, the yield level as well as the ductility 
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of a reinforced concrete structural wall section. Although the post-yield stiff
ness, in all likelihood, also increases with increasing flange width, this requires 
further confirmation. 

2. An increase in flange thickness also improves the initial elastic stiffness 
as well as the yield level of a section; however, it is not as effective as a compara
ble increase in flange width. Moreover, sectional ductility does not appear 
to be favorably affected by increasing flange thickness. The indicated positive 
effect of increasing flange thickness on post-yield stiffness awaits further 
confi rmati on. 

3. An improvement in the initial elastic stiffness or the yield level of 
a section cannot be achieved efficiently or economically by increasing its web 
thickness which, moreover, appears to have an adverse effect on the sectional 
ducti lity. EI h appears to be favorably affected by an increase in web thickness. 
However, thi~ also remains to be confirmed. 

Confirmation of some of the tren9s observed in this study will be forthcoming 
when the sectional analysis program is enlarged to permit the extension of 
all moment-curvature diagrams beyond their peak points to 80% of maximum 
strength. Further investigation must be carried out to examine the validity 
of the conclusions drawn in this paper in the presence of high shear stresses, 
and/or under repeated reversed loading into the inelastic range. 
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The dependence of shear pinching on high nominal shear stresses acting 
on critical regions of reinforced concrete beams is discussed. Samples of 
shear pinched hysteresis loops are presented. 

Shear pinching phenomenon is discussed in terms of energy absorption 
and instantaneous stiffness. The representation of shear pinched hysteresis 
loops with mathematical models is reviewed. The existing model is cO~Pdred 
with a new model based on Ramberg-Osgood curve. 
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INTRODUCTION 

Recent experimental investigations of reinforced concrete beams under 
various levels of reversed nominal shear stresses resulted in a variety of 
hysteresis loops as well as important conclusions (1-6, 8, 9, 13, 15-17). 
Although different types of test specimens and testing techniques have been 
use~ by different investigators in order to reach their respective aims, a 
compilation of the results can be summarized as follows : 

a. all specimens reversely loaded by moment and shear exhibit various 
degrees of deterioration of stiffness (1-6, 8, 9, 13, 15-17). 

b. when the nominal shear stresses (v ) are increased, energy absorption 
and therefore damping as describedUby the area of hysteresis loops 
exhibit distinctively decreasing trends as ductility is increased 
(4, 8, 13, 16). 

c. the shapes of the hysteresis loops of the specimens under pure 
flexural stresses can be satisfactorily represented by Ramberg-Osgood 
curve. However, the shapes of the hysteresis loops under high nominal 
shear stresses (v > 3 Jf' ,when f' in psi or approximately 

u c 2 c 
v > 0.8 Jf' 

u c 
when fT in kg/cm ) divert considerably from Ramberg

c 
Osgood curve (4, 
shear pinching. 

8, 13, 16). The decrease of the area is termed as 

d. the shear resistance in the critical regions is an integrated function 
of the resistance provided by web reinforcement, interlocking, 
dowelling and grinding actions of the cracked surfaces (8, 13, 14). 

e. no significant influence of dynamic loading versus static or quasi
static loading on the stiffness degrading and energy absorption 
properties of the specimens tested is observed (8). 

As a result of experimental work compiled above attempts have been made 
to model the hysteretic behavior of reinforced concrete members. Besides 
the model represented by Ramberg-Osgood curve, an elasto-plastic and degrading 
stiffness model due to Clough (6) exists. These existing models have been 
successfully used in non-linear analysis; however, they in no way represent 
realistically those hysteresis loops which are pinched due to existence of 
shear deformations caused by presence of high nominal shear stresses at 
critical regions. Recently, a model based on degrading stiffness concept 
has been qualitatively formulated by Popov, Bertero and Krawinkler (13). An 
alternative model to represent shear pinched hysteresis loops is presented 
herein and discussed. 

HYSTERESIS LOOPS OF VARIOUS TESTS 

In Fig. 1, the hysteresis loops of a beam tested by triangularly shaped 
loading pattern applied quasi-staticly is seen. The objective of the series 
from which the sample is taken was to see the influence of varying degrees 
of nominal shear stresses (v ) dependent upon the shear span to depth ratio 

u 



(a/d) as well as the longitudinal reinforcement percentage (p). The web 
reinforcement spacing (s) was varied (8). 

1197 

In Figs.2 and 3, two sample hysteresis loops from two of the specimens 
recently tested at Middle East Technical University are shown. The objective 
of this series was to study the influence of varying aid ratio only (and 
therefore the nominal shear stresses), keeping p and s constant. The testing 
specimen as well as the testing set-up of this series was different than that 
of Fig.l. In this series, strong column-weak girder concept was applied and 
the detailing of the column, girder and that of the joint was made in 
accordance with the seismic provisions of ACI 318-71. 

Sample of some of the hysteresis loops of specimens tested in Japan are 
given Fig.4 (1). }lost recently, Bertero and Popov (17) obtained the hysteresis 
loops in Fig.s, the specimen of which was subjected to nominal shear stre~ses 
in the range of 5.3 ~ (f' in psi. or 1.4 ~ when f' is given in kg/cm ). 

c c c c 

Although the aims of each of the laboratory conducted series mentioned 
above were different, the common result of all tests is in the presence of 
varying degrees of shear pinching. As one of the rare actual structural tests, 
Hochinohe Technical College Building tested after the 1968 Tokachi-oki 
Earthquake in Japan resulted in hysteresis loops that were spindle shaped 
or pinched (3). 

IMPACT AND IMPORTANCE OF SHEAR PINCHING 

Theoretical models are available for predicting the moment rotation 
hysteresis loops of sections of test specimens with low nominal shear stresses 
when no pinching takes place (12). Therefore, for designs of sections based 
on web reinforcement detailing provisions of the present codes, these models 
result in incorrect hysteresis loops because they ignore the influence of 
shear deformations. 

Diversions of hysteresis loops of sections with high nominal shear 
stresses from those of pure flexure or those of low nominal shear stresses 
lS interprated by mainly two concepts : 

a. decrease in the area of the hysteresis loops 

b. change of the instantaneous stiffness of the shear pinched hysteresis 
loop. 

Impact of the decrease of the area of the hysteresis loop is that the 
decreased area is related to energy absorption and therefore to the equivalent 
viscous damping fraction which is an important parameter in dynamic responSe 
prediction. As proposed by Jacobsen (11) and Hudson (10), the equivalent 
viscous damping fraction (~) is given by the equation : 

~ =.--!.- 6. W 
4n W 

where 6w is the actual area of the hysteresis loop and W is the energy defined 
by the area under triangle formed by the yielding slope at the particular 
value of displacement for which 6.W is considered. For those specimens in 
Figs. 1-3, the change of the equivalent viscous damping fraction with 
ductility is given in Fig.6. The characteristics of the specimens included 
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in Fig.6 are given in summary in Table I. Clearly, in Fig.6, it is seen 
that the equivalent viscous damping fraction decreases as the ductility is 
increased. 

TABLE I. RELEVANT CHARACTERISTICS OF SPECIMENS 

Specimen p(%) aid s(cm) v Iii' v Iff' u c C c 

A 1.03 2.31 8.26 0.99 1. 99 

Bl 1.10 3.70 7.00 0.81 1.59 

B2 1.10 2.78 7.00 1.06 1.59 

v ::: M /abd v =0.53..[f' + p f 
u u c c w y 

The response prediction in dynamic analysis is also dependent on the 
instantaneous stiffness of the structure and/or the specimen in question 
since the stiffness term is related to the spring force. It is observed in 
Figs. 1-5 that the stiffness at unloading can be represented by some 
fraction of initial or yielding stiffness. However, once the loading starts, 
then the stiffness of the critical region reflected to the load-displacement 
hysteresis loop of the test specimen is indeed very low. This can be 
explained by the mechanism of resistance of the diagonally cracked region. 
At zero load, there is a permanent set deflection and no interlocking. All 
cracks are opened. When loading starts, at first the resistance is provided 
by dowel action only and therefore large deformations (mainly shear deforma
tion) take place until interlocking of the cracked portions takes place; 
hence, the resistance and therefore the stiffness increases. This mechanism 
is responsible for the softer stiffness at first loading and then increasing 
stiffness of the critical region. Therefore, a straight line representation 
of the loading portion of shear pinched hysteresis loops of the critical 
regions is not realistic. 

TWO MODELS FOR SHEAR PINCHED HYSTERESIS LOOPS 

The model proposed by Popov, Bertero and Krawinkler (13), is a simulation 
based on degraded stiffness model originated by Clough (6). Accordingly, the 
yielding slope is followed by a strain-hardening slope which becomes the 
asymptote for the hysteresis curves. The unloacling slope is represented by 
degraded stiffness and given by Popov, Bertero and Krawinkler as 

0: 
K .::: K • 0/1-1) 
unload~ng elast~c 

where 1-1 is the ductility and ex is a parameter to be determined empirically. 
At reloading, the stiffness defined by the zero load and the load defined 
by any previous maximum displacement is taken and then the asymptotic strain
hardening line is followed up to the new displacement (13). This is shown in 
Fig.7. 
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Also shown qualitatively in Fig.7 is an alternative model "'hich has 
been previously proposed by the author (7). This model entails defining a 
Ramberg-Osgood hysteresis loop given the yielding load, yielding displacement 
and the maximum displacement and the maximum load (which can be defined by 
the strain-hardening asymptotic line) of the hysteresis loop under 
consideration. Then, from this larger Ramberg-Osgood hysteresis loop, two 
smaller Ramberg-Osgood hysteresis loops are to be subtracted. The smaller 
loops will be defined by the displacement at zero load and the maximum 
displacements. The Ramberg-Osgood parameters are to be determined empirically 
as a function -of v ,v and ~ . The softer stiffness at the beginning of 
the reloading is r~pre~ented quite satisfactorily by the Ramberg-Osgood 
curves given in Fig.7. Mathematically the smaller Ramberg-Osgood curves can 
be easily represented by shifting the axes to zero loading. 

CONCLUSIONS 

Laboratory conducted experiments on reinforced concrete specimens lead 
to distinctive trends of shear pinching dependent on the degree of nominal 
shear stresses. Shear pinched hysteresis loops mean less energy absorption 
and therefore less damping. 

Besides decrease in energy absorption, the stiffness of the shear 
pinched hysteresis loops change during reloading. At first the stiffness 
is softer and later after interlocking of the cracked portions of the critical 
region, the stiffness increases. 

Realistic estimation of the shape of the hysteresis loop is therefore 
important in terms of damping and stiffness. A model based on subtracting 
two small Ramberg-Osgood hysteresis loops from a larger Ramberg-Osgood loop 
represents the shear-pinched hysteresis loop satisfactorily. 

More important, of course, is to change the detailing of shear reinfor
cement (of specimens with large nominal shear stresses) such that shear 
deformations will decrease. This will result in greater energy absorption 
capacity and aid in regaining the stiffness which otherwise deteriorates 
rapidly. 
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SUMMARY 
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The Portland Cement Association is carrying out a combined analytical 
and experimental program to develop design criteria for reinforced concrete 
structural walls used as lateral bracing in earthquake resistant buildings. 
The work is sponsored in part by the National Science Foundation under 
Grant No. GI-43880. As part of this program, tests have been performed on 
specimens representing full size compression zones of structural walls. The 
results are being used to evaluate the effects of rectangular hoops as con
finement reinforcement and to determine the effective stress versus strain 
relationship of confined concrete. 

The test specimen has been adapted from one developed earlier for the 
determination of the stress versus strain relationship for plain concrete. 
Controlled variables included hoop size, hoop spacing, amount of longitu
dinal reinforcement, concrete strength, and size of specimen. 

Analysis of the test results showed that all arrangements of rectangu
lar hoops were effective in significantly increasing the limiting concrete 
strain. For those specimens with hoop reinforcement meeting the require
ments of Appendix A of the ACI Building Code, limiting concrete strains ex
ceeded 0.015. 

The spacing and amount of transverse reinforcement were the primary 
variables affecting the stress versus strain relationship of the concrete. 
The amount of longitudinal reinforcement had little effect. 

Preceding page blank 
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INTRODUCTION 

An extensive analytical and experimental investigation is under' way at 
the Portland Cement Association to develop design criteria for reinforced 
concrete structural walls used as lateral bracing in earthquake resistant 
structures. The experimental program is primarily concerned with the de
velopment of details to ensure ductility, energy dissipation, and strength 
of structural walls subjected to forces simulating an earthquake. 

As part of this program, tests are being performed to develop informa
tion on the effectiveness of closed rectangular hoops used as confinement 
reinforcement to increase useful strain capacity of concrete. Several in
vestigators have demonstrated the increase in strain capacity obtained by 
confining the concrete with spiral or tie reinforcement. (1,3,4,8,9,10) 
This series of tests considers variables in members representing the com
pression zones of structural walls. The effective stress versus compres
sive strain relationship for the confined concrete determined from the ex
perimental data is reported. 

TEST PROGRAM 

Test Specimens 

Tests to determine strain capacity of confined concrete are being 
performed on C-shaped specimens as shown in Fig. 1. The specimen was 
adapted from the design first used by Hognestad, Hanson and McHenry(6) to 
determine the stress versus strain relationship of plain concrete. 

Variables in the test program include spacing of confinement rein
forcement, size of confinement reinforcement, strength of concrete, amolmt 
of longitudinal reinforcement, and size of test specimen. Values chosen 
for the variables are listed in Table 1. Results described in this re
port cover the tests in Groups 1, 2, and 3. 

The two sizes of test specimen cross section were lOx16 in. (254x406 rum), 
shown in Fig. 2, and 5x8 in. (127x203 rum). For the larger size specimens, the 
central value for the hoop size and spa~i~g was No.4 bars at 4 in. (102 rum). 
This met the requirements of ACI 318-71(2) for lateral confinement as spec
ified in Appendix A, Section A.6.4.3. The volumetric ratio, Os' reQuired by 
this Code Section for the dimensions of the hoop used in 0.0067. The area 
required for one leg of the hoop bar is 0.19 SQ. is. (123 sq. rum) which is 
satisfied by a No. 4 bar having an area of 0.20 sq.in. (129 sQ.rum) 

Values of the v61umetric ratio, Ps' provided for each specimen are 
shown in Table 1. The hoop size and spacing were increased and decreased 
from the central value to determine the influence on the effective stress 
versus strain relationship of the concrete. The specimens were constructed 
using concrete having a design compressive strength of 3000 psi 
(211 kgf/cm2 ). 
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Longitudinal reinforcement was provided by four bars, one in each cor
ner of the cross section. Two sizes of bars were used, No.4 and No. 11. 
This gave vertical reinforcement percentages of 0.5 and 3.9, respectively. 
These values were chosen to approximate the range that might be used in 
practice. The larger specimen with 10xl6-in. (254x406 mm) cross section is 
shown in Fig. 1. Other dimensions of the specimen are given in Fig. 2. 

In addition, future tests will be carried out on specimens having di
mensions one-half those of the large specimens. Hoop reinforcement made 
from 6 rum deformed bars at 2-in. (51 mm) spacing will be used with 0.5% 
and 4.4% longitudinal reinforcement. Specimens in the smaller size will 
be tested using 3000 (211 kgf/cm2 ) and 6000 psi (422 kgf/cm2 ) concrete com
pressive strength. 

Hoops were held in place at the desired spacing by tying them to the 
longitudinal reinforcement. The four longitudinal bars were placed at the 
rectangular hoop corners so that concrete cover over the hoops was 3/4 in. 
(19 mm). Flexural and shear reinforcement was added to the arms of the "e" 
shaped specimen to prevent distress in this region during the test. A pho
tograph of a reinforcing cage in the plywood form is shown in Fig. 3. All 
specimens were cast in a horizontal position. 

The concrete contained a blend of Type I portland cements and 3/4-in. 
(19 mm) maximum size Elgin sand and gravel aggregate. Mix proportions per 
cubic yard were 346 lb. cement, 2093 lb. aggregate, 1228 lb. sand, and 248 
lb. water. Each specimen was moist cured under a plastic sheet at 70F for 
three days after casting. Subsequently the concrete was cured at 70F and 
55% relative humidity. 

Concrete strengths given in Table 2 are the average determined by 
three 6xl2-in. (152x305 rum) cylinders taken from the concrete region on 
which strain measurements were made during the test. Also shown in this 
table are the modulus of elasticity determined from cylinder tests and from 
test specimens. The arms of the specimen were cast at the same time as the 
main portion, but a higher strength concrete was used. 

All reinforcement met the requirements of ASTM Designation A615(5) 
Grade 60. 

Test Procedure 

The major load PI, shown in Fig. 2, was applied by a testing machine 
having a 1,000,000 lb. (453,600 kgf) capacity. Force was applied through 
a system of bearing plates and rollers that accommodated rotation of the 
specimen during the test. 

The minor load P2' shown in Fig. 2, was applied 
through a system of r?ds, crOSS-heads, and rollers. 
also visible in the foreground of Fig. 1. 

by a hydraulic ram 
This apparatus is 
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Fig. 3 Reinforcing Cage in Form 

During the test, the major load P1 was increasea at a constant rate. 
By manually controlling the minor load P2, strain at the extreme fibers at 
the back of the cross section, the left side in Fig. 2, was kept near zero. 
Thus, the back face represented the neutral axis boundary of the compres
sion zone of the cross section. On the opposite side of the cross section, 
the right side in Fig. 2, the fibers are .subjected to a monotonically in~ 
creasing compressive strain representing conditions in the compressive 
zone. 

Instrumentation 

Direct current differential transformers (DCDT) measured the distan
ces between reference frames mounted transversely on the specimen. These 
deformations were used to determine strain both in the plane of the compres
sion face and in the plane of the neutral face. Two pairs of frames were 
used over gage lengths initially at 16 in. (406 rom) and at 30 in. (762 rom). 
An additional horizontal DCDT was used to monitor the bending distortion 
from loading. This information was used to determine changes in the load 
lever arms necessary for the analysis. 
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TABLE 2 TEST RESULTS 

6x12-in.(152x305mm)Cy1inders Test Specimens 
Compressi ve Modulus of Compressive Modulus of Maximum 

Specimen Strength Elasticity Strength Elasticity Compressive 
Strain 

psi psi psi psi E 
u 

IP 3300 2,670,000 3490 3,190 ,000 0.003 

7 3430 3,060,000 4030 3,850,000 0.009 

2 3130 3,400,000 3160 3,370,000 0.042 

3P 3040 2,620,000 3550 3,610,000 0.015 

4 3250 3,400,000 2990 3,530,000 0.011 

6p 3260 2,810,000 3480 3,530,000 0.026 

8 3200 2,970,000 2950 3,750,000 0.059 

9 3300 3,000,000 3550 3,650,000 0.016 

10 3470 2,990,000 3220 3,150,000 0.010 

12 3010 3,030,000 3410 3,570,000 0.027 

13P 2780 3,030,000 3190 2,850,000 0.015 

1000 psi = 70.3 kgf/cm2 
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Signals from the DCDT's were recorded at regular intervals during the 
continuous loading of the specimen. The primary load was applied by a 
1,000,000 lb. (453,600 kgf) capacity testing machine. The secondary load 
was monitored by load cell transducers described elsewhere. (7) Electrical 
resistance strain gages mounted on the concrete of most specimens provided 
confirming information on strain distributions prior to spalling of the 
concrete cover. 

Data Analysis 

Stresses in the longitudinal reinforcement were calculated from strain 
data. Resultant reinforcement loads and moments were then subtracted from 
the total values so that loads and moments on the concrete could be deter
mined. The analysis was similar to that used by Hognestad, Hanson, and 
McHenry. (6) Closely spaced readings of data during the test enabled the 
differentials in the following equations to be approximated by finite dif
ferences b.f I b.s and b.m I b.s 

where 
f 

c 
s 

c 
f 

0 

m 
0 

b 

c 

o C 0 C 

df 
f 

0 + f = s c c ds 0 
c 

dm 

f 
0 + 2 S dE: 

m 
c c 0 

c 

= compressive stress in concrete 

= strain in concrete 

= average compressive stress in 

a:2:2lied moment 
2 

bc 
width of rectangular member 

distance from neutral axis to 

Concrete stresses are calculated on 

(1) 

(2) 

concrete 

compressive edge of member 

the basis of small differences be-
df dm 

tween large numbers. The differentials dS
o 

and dso are determined from 
c c 

data differences for the load stage either side of the one considered for 
stress determination. This process naturally produces some scatter in the 
data. By using two independent methods to calculate the relationship be
tween stress f and strain € , the accuracy of the test data is checked. 

c c 

Final data were condensed by eliminating readings for which the two 
values of f did not substantially agree. The selected points were then 

c plotted and a smooth curve drawn. 

A second analysis was also performed to avoid eliminating readings for 
which f did not agree. A "best fit" polynominal was determined by regres
sion an~lysis of the data representing the f versus € and m versus s 

o c 0 c 



relationships. The polynominals were then differentiated so the slope at 
each load state was known. Stresses were determined as before but avoid
ing the disadvantage of approximating the slope. 

TEST RESULTS 

Test results shown in Fig. 4 illustrate the effect on stress versus 
strain relationship of hoop spacing and size of hoops for specimens re
inforced with 0.5% and 3.9% longitudinal reinforcement. The stress ver
sus strain relationship of a plain concrete specimen is shown for refer
ence. The ordinate to each plot is in terms of the ratio of concrete 
stress to concrete cylinder strength. 

The values shown are not strains in the generally accepted sense of 
the word. Rather, they are shortening per unit gage length measured at 
the compression face over a length equal to the gage length. The actual 
maximum strain may be several times higher. These values have a real 
meaning in terms of calculations of deformation when used in conjunction 
with the strain of the opposite edge of the specimen at the same location. 

Regardless of spacing, the presence of hoops had a beneficial effect 
upon the stress versus strain relationship. Even specimens containing 
hoops with 8-in. (203 rum) spacing showed continuing concrete strains of 
0.010, a value well above the 0.003 strain often assumed for plain con
crete. 

All tests of confined concrete specimens ended gradually while tests 
of unreinforced concrete specimens ended suddenly. The test of the con
fined specimens ended when the longitudinal reinforcement buckled and load 
carrying capacity was greatly reduced. Figure 5 shows the buckled bars in 
the confined concrete specimens after testing and Fig. 6 shows the plain 
concrete specimen after test. 

CONCLUSIONS 

Lateral hoop reinforcement meeting or exceeding the ACI Building Code 
requirement (ACI 318-71) for lateral confinement as specified in Appendix 
A, Section A.6.4.3,extended the limiting concrete strain beyond 0.015. 
This is five times the value of 0.003 assumed for ultimate strain of plain 
concrete. Confinement reinforcement in the range utilized for this report 
showed no significant influence on concrete strength. 

All of the specimens tested with hoop reinforcement had significantly 
greater concrete strains than could be obtained with plain concrete. The 
amount of longitudinal reinforcement had little effect on the stress ver
sus strain relationship for concrete. Spacing and amount of transverse 
hoop reinforcement was of primary importance. 
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2-in. (51 rom) 4-in. (102 rom) 8-in. (204 rom) 

Fig. 5 Buckled Bar Region of Specimens for 
2-in., 4-in., and 8-in. Haop Spacing 

Fig. 6 Plain Concrete Specimen after Test 
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SUMMARY 

The structure under consideration is an elastic cylindrical liquid 
storage tank attached to a rigid base slab. A finite element analysis 
is presented for the free vibrations of the empty tank permitting 
determination of natural frequencies and associated mode shapes. The 
response of the empty tank to (a) Simple deterministic base excitation 
as well as (b) artificial earthquake excitation is also determined by 
finite elements. 

INTRODUCTION 
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The problem of free and forced vibration of thin elastic shells has 
been of practical concern for many years and a 1973 monograph by A.W. 
Leissa [4J summarizes the Significant contributions to that area. In 
particular, shells subject to dynamic loading have been investigated by 
P.M. Ogibalov [5J, H. Kraus [3J, G.B. Warburton [10J, P. Seide [8J and 
others. Usually these investigations are restricted to determination of 
responses to harmonic excitations applied normal to the shell surface or 
suddenly applied normal loads that remain constant with respect to time. 
However, the techniques discussed in these works are not considered 
practical for application to the case of an applied edge loading that 
varies rapidly and in essentially a random fashion with time. From an 
analytical standpoint the case of time-dependent edge loads gives rise to 
significant complications due to the fact that the boundary conditions 
are inhomogenous. When a shell is subjected to time-dependent edge 
displacements rather than time-dependent edge forces the solution of the 
response problem becomes even more difficult. 

The objective of the present investigation is to develop a computer
ized approach for determination of small amplitude elastic responses of an 
empty slab-supported cylindrical liquid storage tank subject to arbitrary 
base excitation. It is assumed that the base slab supporting the tank is 
rigid and that the tank does not separate from the slab during excitation. 
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This study will form the basis for a subsequent investigation concerned 
with response determination of the same storage tank when filled to an 
arbitrary depth with liquid. 

BODY 

The slab supported liquid storage tank is excited by seismic forces 
transmitted from the foundation through the rigid slab to the elastic 
tank. Thus, excitation to the tank is applied at points of support, i.e. 
around the tank base. In use of the finite element technique, imposition 
of support displacements is possible since one can partition the 
displacement vector U into certain components Ub associated with known 
support displacements with all other components being associated with 
the remaining (nonsupported) nodes. Thus, the general equation of 
motion ..' 

M x + C x + K x = F(t) (1) 

may be written in the partitioned form 

(2) 

where damping in (1) has been neglected and Ubt and Ubt in (2) are known 
support displacements and accelerations, respectively. All elements in 
the top line of Equation (2) pertain to base node parameters. Thus, Kbb 
and Mbb denote forces at base nodes due to unit displacements and unit 
acceleration r~spective1y at the base nodes and the superscript T denotes 
matrix transpose. Kb and Mb in the bottom row are coupling effects 
between the base nodes and the other (non-base) nodes. All other elements 
in the bottom row of Equation (2) pertain to non-base nodel parameters. 
Thus K and M represent stiffness and mass matrices of all non-base nodes. 

At any time, the displacement vectors of the non-base nodes can be 
considered as a summation of two factors. The first vector Us is a 
function of the instantaneous ground displacement, thus it can be called 
static. The second vector Ud is a function of the ground acceleration 
history, thus it is termed dynamic. 

This approach furnishes a suitable method to reduce the equations of 
motion to the familiar form of forced vibrations: 

where {F} is a defined driving force vector to be derived later. Thus: 

The equations of motion are 

[~:b+ :~Hus ~bUd-}f:bt:~}{usU~tu}t~} (5) 
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The equations of the off-base elements are 

[Mb]{U bt} + [M]{U s} + [M]{Ud} + [Kb]{U bt} + 

[K]{U s } + [K]{Ud} = 0 (6) 

Now it is attractive to define Us as a displacement vector so that 
when it is associated with the ground displacement vector Ubt the 
resulting motion of the structure corresponds to no internal strain 
energy. This condition implies that 

[Kb]{U bt} + [K]{U s} = 0 (7) 

In other words the vector {Us} is developed through rigid body 
displacements consistent with {Ubt}. Thus from (7) 

This 
resu 1 ti ng 

Us = -[K]-l[Kb]U bt 

phenomena has also been demonstrated numerically and the 
static displacement Us is nothing but a series of Ubt or 

Ubtl 
Ubt 

(8) 

where N is the total number of elements and rUst} is the displacement 
vector of node i = {Ubt} for all values of i and {Ubt}is a (4xl) vector 
representing the axial, tangential, and radial displacements as well as 
the rotation of the generator at the base. 

Thus, the off-base node equations yield 

[M]{U d} + [K]{Ud} -[M b]{0bt} [M]{~s} 

[M]{U d} + [K]{Ud} -[[Mb] - [M][K]-1[Kb]]{0 bt } 

= [effective mass matrix]{0 bt } 

= [Meff]{U bt} 

(9) 
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It should be pointed out that for most practical tank dimensions the 
driving forces developed due to the mass [M][K][KbJ are much larger than 
those developed by [Mb]. This has been demonstrated numerically for a 
variety of practical tank geometries . 

.. 
The ground acceleration vector Ubt wi 11 be 

Ug (t) 1-I} 
where Ua(t) is the ground acceleration amplitude at time t as will be 
shown later in (12). 

Since the base of the tank is excited by a ground displacement and 
acceleration acting in its plane and in the constant direction 8 = 0, no 
axial acceleration component develops and the ground acceleration will be 
completely defined by its amplitude value Ug(t): 

(10) 

The peak is an acceleration value independent of time and f(t) is a 
non-dimensional function of time. 

The present study is based upon the shell theory due to J.L. Sanders, 
Jr. [7]. That theory considers a right, circular cylindrical shell of 
radius a and thickness h. Let the quantities r, e, and z denote radial, 
circumferential. and axial coordinates respectively of a point on the 
shell middle surface. The corresponding displacement components are 
denoted by w, v, and u respectively. The shell equilibrium equations in 
terms of displacements are: 

2 2 2 2 i ~ + (l-V)(l + ~).Ll:!. + ~l + v - 1(1-a)0.2J~ 
(lZ2 2 4 382 2 4 383z 

2 2 2 a2 .. 
+a0.3w+ao.(1_v)~ -~q +-p hu 

3z 2 ae2az k z k s 

aJ 1 + v _ l( 1- ) 2]~ + a 
2 

(l-v ) (1 +.9. 2) d 2v 
2L 4 v a. aeaz 2 4 0. 2 

2 3 3z 3 
+ (1+2)~+aw_ 2[~+ 2(l_~)J~ 

a 2 d8 a 3 a 2 2 2 
a 2 de a 2 .. ae (lZ ae 

- k qe + k P s hv 

(11 ) 

. av ~ + ~(1-v)a2 A + ~ -
(lZ 2 azae2 de 

4 _ a2 a 2 .. 
+ W + \] - - q - - p hw 'w k r k s 
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where 

2 = _1 (h)2 
a 12 a 

Equations (11) permit representation of the applied loads in the 
form 

qz = qm 
m z 

(z,t) cos me 

m (z,t) sin me qe = qe 
m 

q = r = qm 
m r 

(z,t) cos me 

while simultaneously the displacemen~are expressed as 

u = = um (z,t) cos me 
m 

v = = vm (z,t) sin me 
m 

W := r wm (z,t) cos me 
m 

The associated base-node displacement vector Ubt is 

u(o,e,t) = 0 

v(o,e,t) = -Ug(t) sin 8 := -Peak f(t) sin 8 

w(o,e,t) = +Ug(t) cos e := +Peak f(t) cos 8 

~~(o,e,t) = 0 

(12 ) 

Since the excitation function is described in the form (12) to be 
associated with m = 1, obviously only the first circumferential harmonic 
will be excited, and thus the vibration of the tank can be prescribed 
by superposition of certain contributions of different axial modes 
corresponding to m = 1 only: { o} 

Ub(t) = Peak· f(t)· -1 (13) 
. 1 

o 
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Let 

{P eff} ~ Peak' [Meffl . {-r 1 
.. The equations of motion reduce to 

[M]{U d} + [K]{Ud} ~ {Peff} . f(t) 

which is the desired form of forced vibration to which the modal analysis 
technique will be applied. 

Modal Analysis Solutions 

[M]{Ud} + [K]{U d} = {Peff} . f(t) 

Let 
... .. 

{Ud} = [XHA} 

{Ud} = [X] {A} 

. [X] is the rectangular mode matrix formed as a set of mode 
vectors (n x k) where 

n = number of degrees of freedom of the non-base elements 

k = number of modes considered in the analysis 

,{A} = mode participation factor vector = k x 1 

" [M][X]{A} + [K][X]{A} = {Peff} . f(t) 
.. .. 

{A}= {A(t)}; {A} = {A(t)} 
U (t) 

f(t) = ~ 

Premultiply by [X]T; (k x n) 

.'. [X]T[M][X]{A} + [X]T[K][X]{A} [X]T{Peff }' f(t) 

= {GP} . f(t) 

Now, use the orthogonality condition: 

{Xn}T[M]{X k} = 0 k f n 

Obviously the resulting matrix [X]T[M][X] = [GM] is a diagonal 
matrix since the (generalized k x k mass matrix) nonvanishing terms are 
only [Xn]T[M][Xn] = GM(n,n). 

The same concept holds for [X]T[K][X] = [GS] = diagonal matrix where 
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j(t 2 is the squared eigenvalue diagonal matrix = [nZ][GMJ: 

k x k 

Thus GM, as well as GS can be considered as vectors, 

GM (1 ,1 ) GM (1 ,1 ) 
2 

l1ll 

GM (2,2) GM(2,2) Z 
and w2 respectively. 

GM(3,3) 

GM (k, k) GM(k,k) 2 wk 

Thus k independent equations result: 

GM (I ,I) . A (I) + w (I ) w (I) . A ( I) . GM (I ,1) = G P (I) . f ( t) 

where I refers to the mode number. 

Thus; 

2 _ GP(I) A(I) + w (I) . A(I) - GM(I,I) . f(t) 

which are the equations of k independent lumped masses each representing 
the participation of the corresponding i-th mode. 

Now, A(I) can be found using Duhamel Integration to account for the 
initial conditions (just before the instant t), i.e. to consider the 
whole acceleration record imposed on the structure, viz: 

_ GP(I) rt 
A(I) - GM(I,I) . w(I) J

o 
f(T) . sin w(t-T)dT 

PIN(I) 
GM (I , I) . w (I ) 

where PIN(I) = (ft f(T) sin w(t-T)dT) . GP(I) 
o 
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GP(I) ))2 . A(l) = GM(I,I) f(t) - (00(1 A(I) 

Now from the original equations of motion the displacement and 
acceleration nodal vectors are determined: 

{Ud} [X]{A} 

{Ud} [X]{A} 

The accuracy of the method can be examined through the satisfaction 
of the original external equilibrium equation: 

For the structures considered it was found that the superposition of 
four modes offered only a crude approximation since the external 
equilibrium equation failed to be satisfied by as much as thirty percent. 
Use of eight modes reduced the maximum discrepancy to about ten percent. 
It was worth the effort to cross-check the program by use of a coarse 
idealization of the tank involving a limited number of degrees of 
freedom, i.e. a limited total number of natural modes. In that case the 
external equilibrium equation was satisfied perfectly. 

The expressions for displacements and forces arising because of 
base excitation are well-suited to computer implementation. This is 
achieved through use of two main programs. The first program, termed the 
free vibration program, develops the element mass matrix for a typical 
ring-shaped finite element. It also develops the stiffness matrix, does 
the assembly, permits application of various boundary conditions, and 
extracts eigenvalues and natural modes through use of the Cholesky 
reduction method, then performing the power method. The various displace
ments and internal forces are also displayed in terms of relative values. 
The second main program partitions the original mass and stiffness 
matrices as required in (2), develops the effective mass matrix, and 
applies modal analysis to obtain the participation factor of each mode 
employed. It also obtains the nodal displacements through superposition 
of the modes and their participation factors, as well as the external 
reaction developed at the base slab, and designated internal stresses. 
Finally, it carries out an external equilibrium check. 

As an example, the slab supported tank discussed in [2J was con
sidered. This structure is 40 feet (12.19 meters) high and 60 feet 
(18.29 meters) in radius with a steel wall having a thickness of one 
inch (2.54 em). Use of the first program for the case of the tank 
clamped at the base slab and free at the top, with the values found by 
Edwards [2J being-given for comparison yields. 

Mode Frequency (Hz) Present work 
Ref. [2J 

1 34.04 34.08 
2 43.87 43.91 
3 44.58 44.64 



Mode 

4 
5 
6 
7 
8 
9 

10 

Frequency (Hz) 
Ref. [2j 

4.5.10 
45.80 
47.97 

Present work 

45.19 
45.92 
47.13 
49.03 
51.86 
55.79 
61 .91 

The case of this same slab-supported tank subject to a single 
rectangular acceleration pluse was also considered. The acceleration 
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is applied in the direction e = 0° and the tank response was determined 
through use of the second main computer program. The excitation pulse, 
together with the response of radial displacement w at the tank top for 
e = 0° is illustrated in Figure 1. Also shown in that figure is the 
behavior of radial displacement w at node 6 (top of the central of the 
nine ring-shaped finite elements employed) as well as axial displacement 
at the same node for e = 0°. Relative values of significant forces and 
moments per unit length of the shell middle surface (during free 
vibration) were also displayed by the computer program but are omitted 
here in the interest of brevity. 

The same empty tank was also considered to be subjected to the 
artificial earthquake accelerogram available through the National 
Information Service-Earthquake Engineering, at Berkeley, California [6J. 
This excitation was considered to be the exciting mechanism acting on the 
rigid base slab in the horizontal direction along the line 8 = 00

• The 
assigned maximum ground acceleration was taken to be g/2 although the 
record itself is normalized in terms of a unit value of g. This record 
was imposed upon the base slab for five seconds and the tank response 
determined at 0.1 second intervals during the time period t = 0 to t = 5 
seconds using time increments of 0.001 seconds. The time history of 
radial displacement at the tank top at 8 = 0° during the time interval 
t = 4.0 to 4.5 seconds appears as indicated in Figure 2. Significant 
forces and moments were also determined but are omitted here for brevity. 
More complete results are offered in [9J. Use of smaller time increments 
would have led to a more irregular response than indicated in Figure 2. 
It is anticipated that both computer programs developed in this investi
gation will be available through the National Information Service
Earthquake Engineering, University of California, Berkeley, California. 

CONCLUSIONS 

Finite element programs have been developed for determination of 
natural frequencies and mode shapes of an empty elastic cylindrical 
storage tank. Programs have also been developed for determination of 
response of such a tank to arbitrary base excitation. 
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SUMMARY 

A rigorous and experimentally verified technique (Bauer) which finds 
the solution to the Laplace equation and satisfies the boundary conditions 
for hydrodynamic problems was compared with the current tank seismic 
design procedures (Housner). The current tank design procedures were 
developed using an approximate approach which did not consider the usual 
procedures of determining velocity potentials for hydrodynamic problems. 
Also, it only considered the first mode frequency of fluid oscillation. 
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Factors included in the comparison were fluid oscillation frequencies, 
fluid dynamic pressures, equivalent mechanical models, and tank base 
moments. The NRC seismic design spectra were used in the comparison as 
the design earthquakes. The results show that for cylindrical tanks, 
the current design approach generally gives smaller tank base moments than 
the rigorous approach. For rectangular tanks, the differences in tank 
base moments between those two approaches are small. 

Based upon above results, improved techniques were developed 
for tank seismic design. These simplified techniques use the rigorous 
approach for tank analysis and consider higher mode frequencies of 
fluid oscillation. Parameter charts were also developed which greatly 
facilitate the seismic analysis and design of liquid storage tanks. 
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INTRODUCTION 

The serious damage suffered by storage tanks in recent earthquakes 
(4, 8, 10) demonstrates the need for reinvestigating currently used 
approaches in designing tanks to resist fluid dynamic forces induced by 
earthquakes. The need is further intensified when one realizes that the 
spent fuel pool, radioactive storage tanks, and suppression chambers of 
nuclear power plants are designed using these same approaches. The 
approaches are based on the assumptions that the tank is rigid and only 
the first sloshing mode is present in the dynamic analysis (7, 13). The 
analysis itself is carried out by an approximate method which avoids the 
usual prbcedures of finding a solution to the Laplace equation that 
satisfies the boundary conditions for hydrodynamic problems. 

Since the publication of currently used oil storage tank design 
procedures in 1957 (7), very little research work has been done 
concerning sloshing forces in civil-type structures. In the meantime, the 
state of the art has been advanced in the space industry through efforts 
to minimize the effect of propellant sloshing on the stability of space 
vehicles (1, 3, 6). The analysis of propellant sloshing is rigorous, and 
the results for cylindrical tanks have been experimentally verified (2). 

The nature of space vehicle propellant sloshing and fixed storage 
tank liquid sloshing is the same except for the cause of liquid distur
bance. For the former, the disturbances are gust loads and the motion of 
space vehicles; for the latter, the disturbances are caused by earth
quakes. Therefore, it is desirable to compare the techniques for space 
vehicle fuel tank design with the current design approaches for liquid 
storage tanks in order to determine the adequacy of the latter. Because 
the formulations of and solutions to the problem of liquid sloshing inside 
a flexible tank are extremely complex and its analysis is still in the 
developmental stage (5, 11, 14), the comparison is restricted to the 
motions of a contained fluid inside rigid tanks. 

This paper compares the results of design procedures for both 
rectangular and cylindrical space vehicle fuel tanks and oil storage 
tanks. Based on this comparison, improved techniques are suggested for 
the seismic design of oil storage tanks. Parameter charts which facilitate 
the seismic analysis and design of such tanks are also developed. 

BACKGROUND 

The formulation of and solution to the general problem of fluid 
oscillations in a laterally moving tank are extremely difficult. The 
assumptions generally employed in such a theoretical analysis are that 
the tank is rigid, the fluid is homogeneous, incompressible and 
nonviscous, the flow is irrotational, and the displacements, velocities and 
and slopes of the fluid surface are small. 

The assumption of irrotational flow insures the existence of a single
value velocity potential in a simply connected region, from which the 
velocity can be derived. Using the equations of motion for a particle 
in a nonviscous fluid and considering the mass conservation and incom
pressibility, the velocity potential is the solution to the Laplace equation. 



With the boundary conditions that the normal velocity at the interface 
of the fluid surface and tank wall equals the normal velocity of the 
fluid particle at that point, the surface pressure is zero, and the 
fluid particles must stay on the surface, the velocity potential is then 
determined. The. velocity components, pressure distributions, and the 
fluid surface displacement are then obtained from the known velocity 
potential. The forces and moments acting on the tank are determined by 
appropriate integrations of pressure (12). 

Using the above basic theory, Graham and Rodriquez (6) derived 
equations which determine the frequencies, surface displacements, 
pressures, and forces associated with fluid sloshing in rectangular 
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tanks. Bauer (3) derived the equivalent equations for cylindrical tanks. 
The tank geometry and coordinate system for the rectangular and.cylindrical 
tanks are shown in Figures 1 and 2 respectively. 

The complexity of the solution to the sloshing problem in laterally 
moving tanks resulted in Hausner's (7) approximate approaches. These 
approaches are based upon the simplification that the pressures acting 
on the tank during lateral sloshing can be separated into impulsive and 
convective components (Figure 3). With the separation of pressures into two 
parts, each part is developed separately so that the usual procedures of 
determining velocity potentials for hydrodynamic problems are not used. Also, 
only the first vibration mode of the fluid is considered in the analysis. 

The formulas for frequencies. pressures and surface displacements 
for both the rectangular and cylindrical tanks using the different approaches 
are summarized respectively in Tables 1 and 2. 

The oscillatory motion of fluid in a tank may be near resonance 
with the motion of the supporting structure and thus may lead to dynamic 
instabilities or structural failure. In order to minimize possible 
structural failure and realistically determine the coupled structural 
response through dynamic analysis, it is sometimes desirable to replace 
the fluid with a dynamically equivalent mechanical system and combine it 
with the structural model. This dynamic equivalence is taken in the sense 
of equal frequencies, masses, resultant forces, and moments acting on the 
tank walls and bottom. The dynamically equivalent mechanical model for 
fluid sloshing normally consists of a series of springs and masses attached 
at specified heights from the tank base, in the plane of symmetry and in 
the direction of base excitation. 

The equivalent mechanical models for lateral sloshing in the rectangular 
tanks are summarized in Table 3. Their detailed derivations, are given 
in References 6 and 13. The diagrams of the equivalent mechanical models 
are shown in Figure 4 for both the Graham and Rodriquez approach and 
the Hausner approach. Similarly, the equivalent mechanical models for 
lateral sloshing in cYlindrical tanks are summarized in Table 4, and their 
derivations are given in References 3 and 13. The diagrams of the equiva
lent mechanical models for both the Bauer and the Hausner approaches for 
cylindrical tanks are similar to those for the rectangular tank and are 
shown in Figure 5. 
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COMPARISON OF TANK DESIGN TECHNIQUES 

Tank design techniques for both the rectangular and the cylindrical 
space vehicle propellant tanks and oil storage tanks were compared using 
the Graham and Rodriquez (G&R), Bauer, and Hausner approaches. The 
comparison included frequencies, pressures and tank base moments. Since 
the resulting moments about the tank base are obtained by the integration 
of pressures, the results of pressure comparisons are seen from the com
parison of resulting moments. The equivalent mechanical models were used 
to compute the base moments. 

(a) Rectangular Tanks 

The first mode frequency comparison for two families of rectangular 
tanks for both the G&R and Housner approaches is given in Table 5. The 
predicted frequencies are almost identical for the two methods. No 
higher mode frequencies were compared since Housner's approach gives only 
the first mode frequency. 

Figure 7 compares the resulting tank base moments for the two 
families of tanks studied. One set of lines in Figure 7 (identified 
by a=16') is for the family of tanks with a fixed tank width of 16 feet. 
Moments from the G&R approach and both the IBP (which includes bottom 
pressures) and EBP (which excludes bottom pressures) cases of the 
Hausner approach are labeled in the figure. The NRC design spectram (9), 
Figure 6, were used for computing the moments due to sloshing masses 
for both the G&R and Housner approaches. A fluid damping value of 0.5% 
and a maximum ground acceleration of 1.0g were assumed. It is interesting 
to note that for the family of tanks studied, the results af the G&R 
approach lie between those of the IBP and EBP cases of the Hausner approach. 
The other set of lines in Figure 7 (identified by h=20') is for the 
family of tanks with a fixed tank height of 20 feet. The results show that 
moments from the G&R approach have a near constant value, while the Hausner 
approach tends toward a constant moment--close to that moment given by 
the G&R method--as the tank aspect ratio increases. For tank aspect 
ratios smaller than 0.5, the Hausner approach gives excessively large IBP 
moments. 

(b) Cylindrical Tanks 

The first mode frequency comparison of two families of cylindrical 
tanks for both the Bauer and Hausner approaches is shown in Table 6. The 
comparison shows almost identical results. The higher mode frequencies 
could not be compared since Hausner's approach only gives the first mode 
frequency. 

A comparison of resulting tank base moments for two families of 
cylindrical tanks is shown in Figure 8. The curves in Figure 8 (identified 
by D=16') are for tanks with a fixed tank diameter of 16 feet. The 
results obtained using the Bauer approach and the IBP and EBP cases of the 
Hausner approach are so labeled. The NRC design spectrum with a 0.5% 
damping value and a maximum ground acceleration of 1.0 g was used for 
determining the moments due to the sloshing masses. The results show that, 
except for tank aspect ratios smaller than 1.0, the Bauer approach gives 
larger moments than the Housner approach. 



The curves in Figure 8 (identified by h=20') are for the family 
of tanks with a fixed tank height of 20 feet. The moments predicted 
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by the Bauer approach at first increase as the tank aspect ratio increases 
and then approach a constant value. For tank aspect ratios smaller than 
0.5, the Housner approach gives unreasonably large IBP moments. For 
tank aspect ratios larger than 1.0, both the IBP and EBP moments tend to 
be constant. 

The comparison of tank design techniques indicates that for 
cylindrical tanks, the current design technique (Housner's approach) 
generally gives smaller base moments than the experimentally verified 
Bauer approach. A difference of 15% in base moments has been observed 
(Figure 8). For rectangular tanks, the G&R and Hausner approaches 
generally give only small differences in base moments as shown in Figure 
7. This is not surprising, since the Housner approach was developed after 
the G&R approach was published and used the G&R results for verification 
(7). For tank aspect ratios smaller than 0.5, the Housner approach gives 
excessively large IBP moments for both the rectangular and cylindrical 
tanks. In view of these observations, the more rigorous G&R and Bauer 
approaches should be used to achieve more reliable tank deSigns. 

DESIGN CHARTS 

In order to facilitate tank design using the G&R and Bauer approaches, 
several design charts were developed. Figure 9, 10, and 11 give the 
frequencies, masses, and mass locations in the tank for the equivalent 
mechanical model of lateral sloshing in rectangular tanks. The approxi
mate base moments for rectangular tanks with aspect ratios between 0.25 
and 6.0 are shown in Figure 12. The frequencies, masses and mass location 
in the tank for the equivalent mechanical model of lateral sloshing 
in cylindrical tanks are given in Figures 13, 14 and 15. The approxi-
mate base moments for cylindrical tanks with aspect ratios between 0.25 and 
6.0 are shown in Figure 16. The base moments from these charts are at 
most 10% smaller than the base moments obtained for a rigorous dynamic 
analysis using the NRC design spectra with a 1.0 g maximum horizontal 
ground acceleration. If the ground acceleration is smaller than 1.0 g, 
the tank base moments for these charts should be scaled down proportionally. 

CONCLUSION 

The comparison of tank design techniques indicates that for cylindri
cal tanks, the current design technique (Housner approach) generally 
provides smaller tank base moments than the experimentally-verified Bauer 
approach. A difference of 15% in base moments has been observed. In 
rectangular tanks, there is a small difference in tank base moments 
calculated using the Graham and Rodriguez (G&R) approach as compared to 
those obtained by the Hausner approach. The difference in base moments 
also reflects the difference in dynamic pressures. Very little difference 
in the first mode oscillating fluid frequency was observed. 
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Because of these observations, the more rigorous G&R and Bauer 
approaches are suggested to be used to achieve more reliable tank 
design. Design charts are developed to facilitate the use of these 
approaches for the design of tanks subjected to earthquakes. 
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Table 5. Comparison of Frequencies, 
Constant Tank Height, h = 20' 

Rectangular Tank 
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Table 6. Comparison of Frequencies, 
Constant Tank Height, h = 30' 
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Figure 1. Geometry and 
Coordinate System, Rectangular 
Tank, Graham and Rodriguez 
Approach 

(a) Coor-lHn,")tt! System for lmpulsivf> ?rcssure 

Figure 2. Geometry and Coordinate 
System, Cylindrical Tank, Bauer 
Approach 

(h) Coordlnrlte Sy.::.tel11 for Convective> Pressure 

Figure 3. Geometry and Coordinate System, Housner Approach 
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Figure 4. Equivalent Mechanical Models for Rectangular Tanks 
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(b) Hausner Approach 

(n) 13au~t· Approach 

Figure 5. Equivalent Mechanical Models for Cylindrical Tanks 
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Comparison of Tank Base Moments, Rectangular Tanks 
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Figure 8. Comparison of Tank Base Moment, Cylindrical Tanks 
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Figure 9. Frequencies of Equivalent Mechanical Mode, Rectangular Tanks 
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Tank Base Moments, Constant Tank Width, Rectangular Tank 
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The finite difference method is applied to the solution of 
coupled shear walls with two or more rows of openings in which 
properties of beams and walls may ~ary with height. The method 
would be useful in analysing shear walls with different boundary 
conditions, flexible beam wall joints and different pattern of 
equivalent lateral loads assoc1ated with seismic resistant shear 
wall design. The order of errors introduced on static design 
quantities is less than 5% for normal coupled Shear walls in which 
the number of storeys is more than six. 

INTRODUCTION 
In high rise buildings lateral loads resulting from wind and 

seismic effects are often resisted by a system of shear walls. To 
evaluate various aspects of behaviour of coupled walls with single 
row of openings, the laminar analysis has been used (4). In this 
the beams at each floor level are replaced by a set of infinitesimal 
alastic laminae of equivalent stiffness. Recently the laminar 
~~!.ysis has been extended to shear walls in which both beam and 
wall properties vary with height (5). For a set of three symmetrical 
walls supported on a base structure which is symmetrical with respect 
to both geometry and Aoree-deformatIon characteristiCS, the analysis 
~~y be performed using oharts (1). Also, solutions of the coupled 
differential equations are available for uniform shear walls coupled 
by two sets of beams (2)e The application of laminar analysis for 
shear walls coupled by two sets of beams is thus restricted to walls 
which have uniform properties throughtout the height. This situation 
may not be true even when the walls are uncracked. In tall wallS, 
in addition to variation of beam and wall dimensions, the percentage 
of reinforcement in the beams may be varied so that the strength of 
the coupling system corresponds approximately with the elastic 
laminar shear distribution along the height (3). 

In this paper, a finite difference method is applied to the 
coupled differential equation thereby enabling the solution of 
coupled shear walls with two or more rows of openings in Which 

~tles of beams and walls may vary with height. This method 
~~~:~ be useful in analYsing shear walls with different boundary 

Preceding page blank 
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conditions, flexible beam wall joints and different pattern of 
equivalent lateral loads associated with seiSmic resistant shear 
wall design. Finally, a numerical example illustrates the appli
cation of the proposed analysis. 

GRNKRAL THEORY 

The analysis uses the basic continuous medium theory. As this 
method has been well documented (1,4 5) only fundamental assum
ptions and equations as applied to fInite difference formulation 
of the problem are restated here. A system of three coupled shear 
walls subjected to lateral load distribution and its mathematical 
model are shown in Figs.la and lb respectively. The dimensional 
properties of a typical storey N for the proto (at level x from top 
for the model) are shown in Fig.2. The fundamental assumptions of 
the technique are 

a. Axial deformation of the connecting beams are negligible. 
Thus, the walls deflect equally. The connecting beams in Span A and 
B deform with a point of centraflexure at their mid-points. 

b. The discrete N-th floor connecting beams of moment of 
inertia IbAN/and IbBN are replaced by uniform continuous medium 
of equivalent stiffness lbAN/~ and IbBN~ per un! t height where 
hw is the N-th storey height. The set of discrete shear forces at 
pOints of centraflexure in the beams have thus been replaced by 
corresponding continuous laminar shear distributions of intensity 
qAx and qBx per unit height in each floor. The various wall 
actions and deformations contributing to the displacement of the 
mid-point or a typical lamina are shown in Figs.3 and 4 respA~ti~~!~ 

In order to set up the differential equation of the problem 
for Spans A and B, the coupled wallS are cut along the centres of 
the laminae (see Flg.2). The displacements at the cut end of the 
lamina because of actions on the walls (Fig.3), and due to laminar 
shear forces including shear deformation and flexible beam wall 
joints (Fig.4) are expressed and combined. Based on the conditions 
of equilibrium (Fig.3) and compatibility (Flg.4)~ the following 
relat1onshi~s between the external moment MOx axial forces 1n the 
wall 1,2 and 3 (ie. Tlx, T2x, and T3x) and the laminar shear forces 
in Spans A and B (ia. qAx' and qBx) at any level U'2 obtained (5). 

- HJ 1 2 T dx Ax Ix 

HJl 1 I ff ( A + r-) Tlx dx 
Ix 2x 

x 

+ 



h 1 3 
x sAx 

12 E: IXx 

H .. J! (...1...- ... 
E:~ 

x 

h 1 3 
x sBx 

12E: IXX qBx 
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:: 0 e 0 e (1) 

and 

= 0 ... " 

Differentiating the above two equations with respect to x Leads 
to the following two coupled equations: 

d2T d¢A3 ~ 2 2 Ai + COl c;o( AX TAx .. lfx'l:sx d:z::2 
~Ax dx 

dx 

d2T ~B dTB ~+ ~-dx
2 jB ax 

= 

c:t..
2 1 where = ( -+ 
Ax Au 

= 
'" Ax Mox 

.... 
and 

2 
,+-2 T at Bx T

Bx 
.. xAx 

"'lEx Mox .... 

l 
12 12 I 

+ :AL. ) (~) A2X Iox 

~Ax = 
h 1 3 

x SAx 

12 E: IXX 

(3) 

(4) 
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. , 

THE: RECmRENCE EQUATIONS 

The equations 3 and 4 involving the variables ~Ax' Ax' 
Ax' Mox' t ,Tlx and 'lax are transformed into recurrence 

equations involving unknown axial forces TIx and T3x at discrete 
nodal points. Reference may be made to Fig.lb with respect to 
identification of nodal points o The recurrence equations for nodal 
points 2n-l and 2n are: 

[
1 .. ~A(2n+l)- ~A(2n-3) ] T + (0) T-

4 ~ A(2n-3) -B(2n-2) 
A (2n-l) 

.0 (5) 

+ (0) T
A

(2n+l) + r + ~B{2n+2)- flB(2n-2)~T h 2 F 
4 III B (2n+2) = 0 (2n) 

PB(2n) 

••• (6) 
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where h = distance between the nodal pOints, the subscripts A and 
B correspond to the Spans A and B respectively. The bracketed 
subscripts correspond to the nodal point numbers. In addition, the 
following notations have been used to condense the equation: 

2 
A(2n_l) = - oJ.. (2n-l) tor Span A at (2n.-l) 

• , 2 if at (211-1) 

= - d.... 2 
(2n) for Span Bat (2n) 

F(2n) = 1 (2n) Mo (2n) for Span B at (2n) 

The recurrence equation in the operator form is shown in Fig.5. 

Application of these operators to all the nodal points, together 
with the boundary conditions at the top and bottom of the walls give 
as many linear, algebraic, simultaneous equations as the unknown 
values of axial force at the nodes. The other static quantities 
(le. laminar shears, shear force in the walls etca) are obtained 
using the principles of statics. 

LOADING AND BOUNDARY CONDITION S 

A:ny type of load variation could be accommodated. The 
.:. ___ ~""'.;.. ~.:=.: bending moment is expressed in terms of the loads at 
~ ~ ~:::tE-[1 level. 

The following boundary conditions have been accommodated (5) 
inr.n the finite difference form: 

(a) At the top of wallS 
(i) free at top 

(ii) with rigid diaphragm at top 

(b) At the base 

(1) restrained at base 
(li) flexible foundation at base 

(lii) hinged base 
(iv) hinged base on elastic foundation. 
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In practice, the loading and boundary conditions may occur 
in any combination. These Can be incorporated into the algebraic 
equations obtained from applying the reourrenoe operator to the 
nodes, before solving for the unknown axial forces. 

VERSATALITY OF THE ANALYSIS 

The total number of independant unknowns for the problem is 
equal to the number of nodal points. As the nodal points follow a 
regular pattern, the input data for the shear wall at nodal points 
are generated for the storeys in which there is no variation in 
properties with height. This reduces the total input data. The 
band width formed by the coefficients of the simultaneous differenoe 
equations is only 2r + 1 where r 1s the number of rows of openings. 
The banded form of the matrix is taken advantage of in reduoing the 
storage requirement. 

The analysis presented aboVe could be made use of to allow for 
the disorete nature of the coupling beams. For this, near zero 
beam properties may be assigned for the nodes associated with the 
openings and relevant beam properties for the nodes assooiated with 
the beams. A sensitivity analysis was made to assess the order of 
&rrors introduced by this approximate method on the static design 
quantities. The details of this analysis are reported elsewhere (5). 
The analysis shows that the order of erro~s introduced on critical 
design quantities is less than 5% provided that 

(a) 
(b) 

(c) 

The number of storeys is more than 6 
The stiffness of walls is comparable to the 
stiffness of beams ie. ol.. H /' 6 
Spacing of the nodal points 1s less than 
half the floor height Ie. ho~ 0.5 ~ 

NUMERICAL EXAMPLE: 

A ten storey shear cOre combining two walls was considered. 
The properties of the structure and loading are assembled in 
Table 1. In these examples, the properties of the walls have been 
assumed to vary 1n each storey. It is unlikely that in a real 
structure variation of this type would oCcur. The example is not 
intended to simUlate a prototype structure but to explain the 
application and approximations involved in the analysis. However, 
suoh proper~ changes could occur in a cracked ooupled shear wall. 
The following three analys~s were made. 

AnalysiS As The properties given in Table 1 were used. The 
shear wall was analysed by the conventional frame analysis which 
incorporates fini te.jolnts 7 axial deformation of walls and shear 
deformation of beams. 



Analysis B: The properties given in rable I were used. 
The shear wall was analysed using the fini~e difference approxi
mation developed in this paper_ 
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Analysis C: Average uniform properties were assumedo For 
this case also, the shear wall was analysed using finite difference 
approximation. 

The results are presented in Fig.6. The total computer time 
required to analyse this twin core are ~1f8 ~c.:1 1,2.5 ~c. 
and 120 sec. for analysis A, B and C Tespectively. 

CONCLTJSIONS 

,The finite difference technique is a powerful method of 
analysis for coupled shear wall structures in Which properties vary 
with height. This analysis requires considerably less computer 
storage and time than frame analysi s. The following variables have 
been accommodated in the finite difference approximation to the 
laminar analysiS' 

(a) Variation of properties of members with height 
(b) Variation in storey height 
(c) Various boundary conditions and loading 
(d) Flexible beam wall joints 

The sensitivity analysis shows that the errors are within 
acceptable limits (5%) for shear walls of more than 6 storey heighto 

1. 
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AI' A2 , A3 

AbA, AbB 

dA, dB 

~,~ 
dr' ds ' d j 

dbA' ~B 

ho 
h, H 

II' 12, 13 
lAX' I BX 

lA' ~ 

IsA' IsB 
Mo 
Ml , Ma, Ma 
MIO ' Mao' M30 

Mq1, Mq2, Mq3 

Mpl' 1),,2' Mp3 

P, W and Wl 

T
I

, T2 and T3 
Vb 

V!, v2 ' V3 

Vpl ' Vp2' Vp3 

VIO' V20 , V30 
x, N or n 

NOTATIONS 

Area of walls 1,2 and 3 respectively 

Area of the coupling beams in Spans A and B 
differential deformation of walls 1-2 and 2-3 
laminar displacement in spans A and B because 
of flexural deformations of walls 
Deformation in a beam associated with flexure, 
shear and flexible beam wall joint. 
laminar deformation (df + d + dj ) for Spans 
A and B S 

distance between nodal points 
Storey height and total height of structure 
respectively 
Moment of Inertias for walls 1,2 and 3 
Reduced moments of inertia of the lamina taking 
into account flexural, shear and flexible beam 
wall joints for spans A and B 
Moment of inertia of the coupling beam in Spans 
A and B 
distance between centre lines of walls for Spans 
A and B. 
Clear Spans for coupling beams for spans A and B 
total external moment 
final moments in walls 1,2 and 3 
Moments shared by walls 1,2 and 3 because of 
external loading 
Moments induced in walls 1,2 and 3 because of 
laminal shear forces 4" and q& in spans A and B. 
Moments induced in walls 1,2 and 3 because of 
laminar axial forces p A and PB in spans A and B. 
Point load, triangUlar load and uniformly 
distributed load on the shear wall. 
Axial forces in walls 1,2 and 3 
total shear at any level 
final shear in walls 1,2 and 3 
Shear induced in the walls because of laminar 
axial forces 
Shear shared by walls because of external lcadi~g 
Subscripts x, N or n represents the value of the 
corresponding variable at x from top, N-th Storey 
or n-th node respectively. 
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Aseismic designs of prestressed concrete water tank contain interest
ing problems not only of hydro-elasticity but also of design and construc
tion of thin walled prestressed concrete shell structures. Examples of 
aseismic design of three prestressed concrete surge tanks of hydro-electric 
power stations are presented in connection with discussions of virtual mass 
effect of inner water of flexible tank and discussions of relative merits 
of stress analysis methods used in these designs. These methods are re
viewed by model test and field research on an actual tank during surging 
tests. Utilization of these examples seems especially appropriate when 
aseismic designs of thin walled water tank are required. 

INTRODUCTION 

Yanagimata surge tank of Kyushu Electric Power Co. is the largest pre
stressed concrete surge tank in operating in Japan (Fig. 1). Two surge 
tanks of Okuyahagi station of Chubu Electric Power Co. under planning are 
characterized as the one of tanks will be constructed on a small peak of a 
ridge (Fig. 2) and the other will be embedded considerably arround the 
lower part of wall (Fig. 3). 

The aseismic designs of these surge tanks raised interesting problems 
not only of the hydro-elastic vibration of thin walled tank but also of 
design and construction of prestressed concrete shell structures. Dynamic 
water pressure or inertia effect so called virtual masS of inner water of 
a tank during earthquakes become the essential load compared with inertia 
force of tank body as the same as hydro-static load in usual condition. 
The virtual mass effect of thin walled tank is differ slightly from the one 
of rigid tank, because increment of the virtual mass due to deformation of 
tank wall causes. Then the virtual mass distribution was researched at 
first by the hydro-elastic theory and a model test which are presented in 
this paper. 
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There are many methods offered in order to calculate stresses of 
cylindrical shell structures and to evaluate responses of that structures 
during earthquakes. Several methods of them were tried and were inquired 
in order to select the available procedures of the aseismic design of these 
structures. The relative merits of these methods used in the analyses were 
reviewed and the conclusions of the research are presented in this paper. 

Constructions of prestressed concrete water tank as well as desings 
are main concerns to structural engineers in connection with preventable 
techniques for cracks due to thermal stress, seapage of water through con
struction joints and stress leakages of prestressing. But contents of this 
paper are confined within the analytical part of desings and an illustration 
of arrangements of steel bars and steel wires are only presented. 

VIffEUTAL MASS DISTRIBUTION OF A WATER TANK 

It is the well-known fact that a object immers~d in or in contact with 
fluid exhibits as if the apparent inertia of the object increase greatly 
during accelerated motions. This increased inertia is so called the virtual 
mass or the added mass of fluid. It is noticed that the virtual mass does 
not adhere fluid substance to the object solidly, then the rigidity of the 
object does not increase. 

The virtual mass distribution mv(xo) of a deformable object lS given 
as follows (Ref. 1 and 2); 

mv (xo)= CPo ¢/ f J X=X o 

where Po is a density of fluid, ¢ is a potential function of fluid in a 
certain boundary conditions, j is a shape of object deformation and Xo is 
a vector denoting the boundary surface. The generalized virtual mass Mv is 

where So denotes the boundary surface. 

The exact analytical solution of hydro-elastic vibration is only 
derived to a problem of cylindrical column standing in a pond or the same 
problem of cylindrical slender tank under conditions in which water depth 
is equal to the column height and effects of surface waves are negligible 
(Ref. 3 and 4). The aproximate solution considered the increment of virtual 
mass was proposed in Ref. 4 and Ref. 5 and these theories were reviewed by 
model test (Ref. 4) and vibration tests of actual bridge piers (Ref. 6 and 
Ref. 7). 

The virtual mass distribution m v (Z, (j) for thin ",aIled water tank in 
condition of ovaling mode m is given as follows; 
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z 
mv (Z, e) = Po a h 

+ Po a • co smIJ '; /i) c+) fol jhCH) co.dieM· cosh : (3) 
i~ 0 

l i)C a ) 2 
11 =3/f\' A.IO a)_'!!"I 0 .~) 

i 0 '11 a 1 ] h 

where a is an inner radius of tank, h is depth of water, Z is a co-ordinate 
in direction of up ward and z = 0 at the bottom of tank, 0 is a co-ordinate 
in direction of tangential ward and e = 0 at the direction of vibration, 
j ( z . fj) is a shape of tank deformation and 10 , I] are the first kind of 
modified Bessel functions. For the aseismic design of water tank, the case 
of the first ovaling mode m= 1 is generally used. 

The first term of Eq. (3) when m = 1 shows the virtual mass distribu
tion for a rigid tank and the second term is the increment of virtual mass 
distribution induced by the deformation of tank f(z. 0)' The modal shapes 
of empty tank or of tank with virtual mass distribution for rigid tank in
stead of je z, e)are available in the approximate calculation. By this 
treatment, the balance of force at each portion of tank is put out of order 
slightly, but the total energy balance is in order. 

The another dynamic effects of inner water are the one of surface wave 
or sloshing of inner water. The natural frequencies in of sloshing for 
rigid tank are given as follows; 

(4 ) 

where is the gravity acceleration and rna is given in Table 1. The wave 
height of sloshing P,o is given in the next equations; 

= 
lJo =L' cose[r- }; AnJ] (Tn r)· cos hTnhJe iwt 

n=l (5) 

An=2a/Cr2n a 2 -1 )JjCrna)(coshrnh- ~2n . sinhrnh) 

where J 1 is the first kind of Bessel function. 

The dynamic effect of inner water for up-down ward vibration must be 
considered in the aseismic design and is presented in Ref. 2 for compres
sive fluid. But in these analyses, the static method or the treatment to 
increase the gravity acceleration was adopted for the simplicity of analy
sis. 
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STRESS ANALYSES 

In order to calculate the tank stress for static loads in the condition 
of up surge water level, the following methods were adopted; 

Method 1: analogous method to beam stress analysis on elastic foun
dation 

Method 2 finite element aproach by thin cylindrical shell element 

Method 3 finite element aproach by triangular element for thick 
cylindrical shell 

The method 1 is given in the following equation neglecting the effect 
of Poisson's ratio; 

where E is Young's Modulus of tank material, 
and P is water pressure. 
For tanks with uniform wall thickness, 

is thickness of tank wall 

The method 2 was adopted in order to calculate wall stresses neglect
ing the deformation of tank foundations, because these tanks were planned 
to construct on firm rock foundations and the preparations of input data 
for computer by this method were easier than that of the next method 3. 
The method 3 was used to evaluate the effects of foundation deformation and 
to estimate the stress concentration near the lower part of tank wall. 

For the dynamic stress analyses in condition of high water level, the 
following methods were adopted; 

Method 4: finite element apraoch by thin cylindrical shell element 
under non-symmetric loading and static treatment 

Method 5 finite element apraoch by triangular element for thick 
cylindrical shell under non-symmetric loading and stick 
treatment 

Method 6 multi-degree- freedom system in which rigidity of tank is 
estimated by beam theory considering bending and shearing 
deformations of beam 

Method 7 dynamic analysis using earthquake records by the method 4 

Method 8 combination method by the method 6 and the method 4 

The merits of the method 4 and the method 5 are the same as the one of 
the method 2 and the method 3 above mentioned. The method 6 is the most 
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handy and tough method of response analysis. The method 7 needs the most 
high cost to compute, then the method was only uSed to check the result of 
final design. 

These methods above mentioned are the fundamental knowledge for struc
tural engineers, then the detailed procedures of calculation are neglected 
in the paper. 

RESULTS OF ANALYSES 

The method I is useful for design analysis under static loading. 
Then the availability of the method I was examined and the comparison of 
wall stress derived between the method 1 and the method 3 is shown in Fig. 
4. The agreement of both methods seems satisfactory. 

The natural periods of tanks and of sloshing are shown in Table 2. 
The periods of sloshing are far apart from the natural periods of tanks. 
Then the effects of sloshing were discussed separately from the effects of 
main inertia forces. The natural periods of tanks derived by the method 6 
coincide with the one of the method 4 in the various conditions of water 
level. 

The effect of virtual mass increment due to tank deformation was 1.4% 
increment of the wall stress of the Yanagimata surge tank. Then the virtual 
mass distribution for rigid tank were used in the following analyses of the 
Okuyahagi surge tanks. 

Fig. 5 shows the wall stress distributions of the Yanagimata surge 
tank and shows the comparison between the stress derived by the method 4 
and the one of the method 5 under the condition of static loading and 
dynamic loading. The stress distributions derived by the method 5 resemble 
to the one of the method 4 although the division of triangular element mesh 
was coarse at the upper portion of the tank. This is because of the major 
load beeing the hydrostatic load and the assumption of uniform strain of 
element in the method 5 beeing suitable for this problem especially to the 
hoop stress. 

Fig. 6 shows the stress distribution of the Yanagimata surge tank 
derived by the method 5 and shows the comparison of wall stresses in the 
conditions between the dynamic load only and the static load only at the 
high water level. From this figure, the main stress is the one due to 
hydro-static load and the percent of stress increment seems equal to the 
percent of earthquake acceleration to the gravity acceleration or 20%. 
The effects of dynamic loads to tank stress appear mainly in the vertical 
stress of wall. 

Fig. 7 shows the comparison of the vertical stress of wall derived by 
the method 7 with the one of the method 6. The result of the method 7 is 
rather larger than that of the method 6 during the same input record of 
earthquake. But the difference is small compared with the stress fluctua
tion due to the used records of earthquake. 
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In the case of the Yanagimata surge tank, the stresses at the condition 
of up surging water level covered the stresses during earthquake in which 
input accelerations were 0.2 g for static analyses and "ere 0.1 g for dy
namic analyses. In the case of the Okuyahagi surge tanks, the stresses of 
dynamic treatments were largest under the conditions in which the input 
accelerations were 0.2 g for the static analyses and were 0.15 g for the 
dynamic analyses. Although the designs of the Okuyahagi surge tanks will 
follow the results of dynamic treatment by the method 7, the rewrote results 
for the dynamic input acceleration 0.1 g are presented in the Fig. 7 for the 
convenience of comparison with the results of the Yanagimata surge tank. 

DESIGN 

Following these stress analyses above mentioned, prestressing force 
were decided and the judgment compared with the allowable stresses were 
carrid out. The result of the Yanagimata surge tank is shown in Table 3. 
Fig. 8 presents the cross section of the Yanagimata surge tank and illus
trate the arrangements of steel bars and steel wires for prestressing. 

RESULTS OF TESTS 

In order to review the analytical methods, the model test (one fifth 
scale model) by shaking table and the field research during surging tests 
on the Yanagimata surge tank were carried out. Following these researches, 
the next conclusions were derived; The results of model test by shaking 
table showed that the responses of tank during earthquakes were the one for 
the ovaling model m = 1 as the theory of shell indicated. The vibrations 
of ovaling mode m = 2 of the actual tank of Yanagimata during surging were 
predominant, and the natural period of the tank varied according to the 
water level during surging. Fig. 9 shows the relation between the natural 
frequencies and the water level derived by the surging test and the method 
4 for ovaling mode m = 1. The same relations obtained by the model test 
for ovaling mode m = 2 are shown in Fig. 10. The figures show the avail
ability of the theory of virtual mass distribution and the methods used in 
the aseismic desings. 

CONCLUSIONS 

Following these examples of aseismic design of prestressed concrete 
water tank, the next conclusions are obtained; 

1) The effect of virtual mass increment due to tank deformation to 
the tank stresses are neglegible. 

2) The main stresses are due to hydro-static load. The effects of 
dynamic loading ap,Jear in the vertical stress of wall and the 
stress increment of that stress due to dynamic loading is compar
able to the increment of input acceleration to the gravity accera
tion. 
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3) The method 6 or the multi-degree-freedom system is available to 
these problems. If detailed shell stress during earthquakes is 
needed, the sufficient method 8 or the method conbined the method 
6 to the method 4 of thin shell element is recommendable. 

4) The adaptation of analytical models was reviewed by the model test 
and the observation of the actual tank during surging. Utilization 
of these examples seems especially appropriate when aseismic 
designs of thin walled water tank are required. 
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Fig. 1. Side Vlew of the Yanagimata surge tank 

Table 1. Value of rna and JtCrna) 

~ 1 2 3 4 5 

rna 1.841 5.332 8.536 11.71 14.86 

Jl(rna 0.5817 - O. 3461 0.2733 - 0.2333 0.2070 

RURGE TANK {A) 

II\--~'-'----I- ~~o.c-

Fig. 2. Surge tank (A) of Okuyahagi station 
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Table 2. The natural periods of tanks and sloshing 

Name of Tank Method Empty HWL. U. S.W. L. 
Vi bration 

of water surface 

YANAGIMATA Method 4 0.091 0144 0.226 
Method 5 0.091 -- 5.23 (H.W.U 
Method 6 0.092 0.138 --

OKUYAHAGI TANK(AJ Method 4 0.18 I 0238 4.44(H.W.L.J 

Method 5 
Method 6 0.177 0.202 

OKUYAHAGITANKIB) Method 4 0.224 0.310 
4.43 ( H. W. Ll 

'" co 

" J: 
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Table 3. Total stress intensity of each section of the 
Yanagimata surge tank (Method 4) 

Number of 
N<>unaJ Total Shearing Diagona I Judgement 

iHelght from compo nent stress stress stress of stress 
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Section in. ,he 

1m) n 
F,~48xn (j,- Fp/ A vertical I kg/em') I kg/em' I I kg/em') 

(ton) dir-€lction 
( kg/em') ( kg/em') 

1 0 664 30.912 34.2 49.6 83.8 26.0 7.4 OK 
~485 ~14.3 
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A new aspect of the analyse of shear-walls, with open
ings as structural elements, subjected by seismic horizontal 
loads is presented. 

A structural model is proposed, by which the horizontal 
elements that are coupling the vertical members are equiva
lently replaced by a continuous connection of variable 
stiffness according to a periodic law. 

The model by which the horizontal coupling elements are 
replaced by a continuous connection of constant stiffness is 
much elaborated in the specialized literature. The proposed 
structural model takes into account, more efficiently, the 
local effects of the joints between horizontal and vertical 
elements. For this structural model a differential equation 
describing the shear-wall deformation is derived. 

From the computer analysis of a numerical example of a 
shear-wall having one row of openings some quantitative and 
qualitative differences, between the both considered models 
are emphasized. As it results from some experimental data 
[2J the proposed model approximates better the actual physical 

phenomenon. 
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1. Introduction. 

The shear-walls are frequently used as earthquake re
sistant structures. A complete analysis of the stresses and 

deformations of shear-walls with openings presents conside
rable difficulties therefore, for design, some simplified 
procedures are still used. 

In order, to determine the dynamic characteristics of 
the structure and the seismic forces acting the structural 
system as well as in order to calculate the stresses induced 
in structural members, it is necessary to know the shear 
wall behaviour subjected to the horizontal loadings. 

The seismic loads that are continuously distributed 
along the height of the structure or lumped at the floor 
level are shared to the structural elements, represented by 
the shear-walls. For the distribution of the seismic loads on 
the shear-walls, the commonly used assumptions are adopted, 
namely the floors are considered absolutely rigid in their 
plane and hinged at the shear-walls; the height of the stories 
and the thickness of the wall are supposed to be constant, 
and the openings along the same vertical to be identical. 

For analysing there structures, many methods presently 
used in current design, have been developed. These methods 
can be divided in two groups: one includes all the methods, 
replacing the horizontal elements among the openings (coupling 
beams) by an equivalent continuous connection with constant 
density, and the shear-walls in the whole like a cantilever 
where the vertical elements have in any section the same 
rotation, their sections remaining plane after deformation; 
the second group includes the methods in which the shear-wall 
having openings is idealized as a frame, that frame possessing 
horizontal beams with rigid segments at the ends. 

These two groups of methods give good results in the 
following practical cases: 
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- the replacement of horizontal elements among the 
openings by a continuous uniform connection leads to reaso
nable results in the case of the shear-walls with one row of 
symetrical openings, or with many rows of openings having 
proportional stiffnesses, if the ratio between the opening 

area Ao ~ £i ho and the area of a horizontal beam Ab =tl hI 
fulfils the condition Ao/Ab < 3 and the ratio f1/h < 3, £1 
being the horizontal width of the openings, and hl1the hetght 
of a horizontal beam between two openings. 

The methods using the idealization of the shear-wall as 

a frame are indicated when AO/Ab> 3, and 21/h> 2, irrespec
tive of the ratio between the rigidities of the vertical 
elements. 

A more appropriate solution can be obtained using finite 
elements, but for a corresponding precision it is necessary 
to take into account a very large number of finite elements; 
this causes a prohibitory increase of the computational amount, 
especially in the case of the multistoried shear-walls or 
with many rows of openings. 

2. Proposal for a new Structural Model. 

The idea to be used herein consists in replacing the 
discrete connection between vertical elements by a equivalent 
continuous connection. One starts from the observation that 
the coupling horizontal elements are influencing the vertical 
members behaviour on a certain height, their maximum effect 
being in the axes of the coupling beams (Fig.l). The shear 
force effect on the deformations of these elements cannot be 
neglected, and the shear stresses are nonuniformely distri
buted along the height of the cross-section of horizontal 
members (Fig.2). 

In order to fit closer the actual behaviour, the discrete 

horizontal connections among openings will be replaced by a 
continuous connection with variable rigidity kx having 
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maximum density in the axis of the horizontal elemen~s and 
zero in the center of openings. The law which describes such 
a variation can be, for instance, 

kx = a (1 + cos 2~X ) = ~ cos2 lTx 
h 

and will be called in what follows the fUnction of coupling 
stiffness. The parameter a can be determined from the condi
tion that the total equivalent coupling stiffness along the 
height of a story (j - j + 1) to be equal with the stiffness, 
k, of a horizontal connecting beam, 

J(j+l)h 2TI 
a(l+coa~ x) dx = k 
jh 

k which gives a =h and therefore 

kx = ~ (1 + cos 2: x ) = 
h 

k 
2h 

(2) 

In the case of a ground floor with a greater height or 
of a coupling beam from the top story among some limits one 
can extend the coupling stiffness function, so that it covers 
these heights with more than a period. 

The actual shGar-wall with openings is replaced by the 
proposed model made of component vertical elements, coupled 
together by a periodic continuous connection. The continuous 
equivalent link modelling the coupling replacing the actual 
horizontal elements discretely disposed, can have various 
interpretations: it can be considered as being carried out 
from a very great number of identical laminas, with a variable 
density, or from a very great number of laminas with a va
riable sfllffness, or it can be considered as a continuous 
medium with a Young modulus E, varying after a periodical 
function (Fig~l d). 

The following remarks are accurate enough for shear
walls provided with one row of symmetrically disposed openings 
for shear-walls with two rows of symmetrical openings and 
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having central vertical element stiffness twice greater than 
the stiffness of a lateral element, also in the case of shear
walls provided with many rows of openings with proportional 
rigidity of vertical members. 

The obtained results could however be applied also to 
shear-walls with openings slightly asymmetrical and, in 
some cases, to frames stiffned with shear-walls. At the same 
time these results can be used for the analysis of structures 
with a quasirigid central core, forme~ by the lift tower, 
stair case, a.s.o. In these cases, when openings are provided 
on one side, it always appears a geometrical asymmetry, le
ading to torsion (Fig.). The torsion centroid will be a 
variable magnitude along the height of the structure, and 
the torsional moment will depend besides loading, upon the 
position of the torsion centroid. 

3. The Differential equation of a deformed vertical 
element. 

For the analysis of the assumed model, the assumption 
that for every separate vertical element is valid the hy
pothesis of plane sections, is made. The rotations of these 
elements, considered identical for all vertical members, are 
taken as unknowns. 

In the analysis of displacements into the coupling 
horizontal beams, the bending moment and the shear force are 
taken into account, and in the vertical elements only the 
bending moment effect. Due to the omission of axial forces 
effect, the total shear force is distributed among the vertical 
members proportionally to their inertia moments. 

Since vertical members in one section have the same 
rotation, the coupling horizontal elements would have, at 
the ends, identical rotations and displacements (Fig.4 b). 

The conventional stiffness of a horizontal beam taking 
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also into account the shear force influence, will be the 
bending moment in the end reactions for a rotation B-= 1 of 
the shear-wall. 

where d represents the distance from the fix-end point of 
horizontal elements to the axis of vertical members, and El , 
II' fl and f refer to the horizontal coupling beams, being: 
E - the elasticity modulus, II - the inertia moment of the 
cross-section related to the neutral axis, e1 - the span, 
f - a coefficient to be determined by means of the expression 

(5) 

In the expression (4), KT is the shape coefficient of 
the cross-section, which is 1.2 for the rectangular section, 
Gl is the shear modulus and Al the cross-section area. 

If we take into account (4), the coupling rigidity 
function kx will have the form: 

6El II I 
kx = h el 1+ 4f 

d ) 2 If x (l+e (1 + cos h 
1 

= 1 ( d) 1 
• 1 + 4f 1 + 11 2 

2 it x cos - h 

= 
(6) 

If kx is known, the continuously distributed moments on 
the edges next to the openings of the vertical members, can 
be expressed as: 

3El II 1 d 
h t 1 • ~1--+---:-4"'=f (1 + 11 ). 

.( 1 + cos 211.x ) B(x) 
h 

(7) 

and the density of the distributed forces on the same edge 
will be. 



1 (1+ ,g )·(l+Oos~). B(x) • 1+4f () 
(.,l h 

The differential equation of the axis of a deformed 
vertical member will be written: 

d
2

u __ M(X± ~ _ 1-- [M +To x - M (x) _ 
dx2 - EEl 0 .p 

d2fxo 
JX t(x) d x - 0 m(x) d x ] 
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(8) 

where u is the horizontal displacement of the element, E -
the modulus of elasticity, I - the inertia moment of the 
cross-section against the neutral axis, Mo and To - the 
bending moment and the shear force in the bottom section of 
an element I Mp (x) is the bending moment in section x, given 
by seismic forces p belonging to a vertical member. 

Deriving the both members of equation (9), we obtain 

d
3
U=d

2e :L[T _ T (x) - 2d t(x) -mex)] (10) 
dxJ dx2- EI 0 P 

where Tp(X) = dMpeX) is the shear force given by p. Further 
dx 

on if we take into account the relations (7) and (8) the 
equation (10) becomes 

d 2.g. 
dx2 = -

= 

6ElIl 
h EI fl 

To - T p 
EI 

If we denote 
6El II 

C ;: h EI 11 . 

1 
1+4f (l+~)2'(l+cos 1 
(x) T(x) = EI 

1 d 2 
1 + 4f (1 + y-) 

1 

2Tfx ) B "'" h 

the equation (11) gets the following simple form 

(11) 

(12) 
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d29 
- 0 (1 + cos 2/T x ) e- T(x) 

dx2 h :: - EI (13) 

or 
d2e G. 0 cos2; iTx ~ - '2 = 

dx2 h EI 

Integrating the differential equation (13) or (14) we 
obtain Sex), and knowing Sex), the stresses in the vertical 
and horizontal elements can be derived; at the same time the 
displacements u(x) may also be obtained. 

Analytical closed solutions for the differential 
equations (13) are difficult to obtain, but we can use va
rious numerical methods in order to undertake the analysis 
by means of the computer. From the numerical methods, one 
can succesfully use the finite difference method leading to 
the solution of a system of algebraic equations, or one of 
the step by step integration numerical methods. 

The equation (13) is also valid in the case of shear
walls with many rows of openings, if one considers that one 
can admit the equality of the rotationsB,in any section, 
for all vertical members. 

Numerical example. 

A numerical example has been carried out by means of 
the computer, for a reinforced concrete shear-wall with one 
row of symmetrical openings (Fig. 5 ) in two alternatives of 
coupling of vertical members a) continuous connection of 
constant stiffness, b) continuous connection of variable 
stiffness according to the proposed procedure in this paper. 
The considered loading was: an uniformely distributed load 
along the height p = 10 KN/m, and a triangular load with 
maximum intensity at the upper part Pmax= loKN/m, which for 
the more rigid constructions, seems to fit well, to the 
seismic load distribution. 
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The geometrical and mechanical characteristics of the 
shear-wall have been: 

- the height of a story: h ~ 275 em 
- the height of an opening: ho= 215 cm 
- the height of a coupling horizontal element: hl=60 cm 
- the width of the opening: &1= 100 cm 
- the thikness of the shear-wall: b = 15 em 
- the cross section of a vertical members: 200 x 15 cm2 

- the modulus of elasticity of the concrete in com-
pression: E = 290000 daN/cm2 

- the shear modulus of the concrete: G=116000 daN/cm2 

- the ratio between the compressive modulus of elasticity 
and the bending moduluB of elasticity: 1,6666. 

For solving the differential equation, the finite diffe
rence methods has been used. Along the height of the 9 -sto
ried shear-wall j 36 dividing points have been taken, that is 
four points for every storyo The bending moment diagrams are 
presented in figure 5 for a vertical member, namely: for the 
continuous connection of constant stiffness, in fig. 5b, due 
to constant intensity loading, and in fig.5 d, due to ·tri
angular distributed loading; for the continuous connection 
of variable stiffness, in fig 5 c for constant intensity 
loading and in fig. 5 e for triangular loading. The values 
of the bending moments in the calculated sections for these 
four variants are given in the table 1. 

Conclusions 

The assumption that an equivalent continuous connection 
of variable stiffness, replacing the horizontal coupling 
elements for the shear-walls with openings can be a better 
solution than the continuous connection of constant stiffnesso 
Especially for vertical members, the results obtained ·from 
this analysiS are more appropriate to the physical phenomenon. 

From the made numerical example a fact is detaching 
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Toble.1. Bending moment In a vertical member kNm. 

Constant load Triangular load 

c 
0 Continuous equivalent horizontal connection :0:: 
u 
ClI 

(/) Constant Periodic Constant Periodic 
stiffness stiffness stiffness stiffness 

0 -331.122 -1,83.692 -178.865 -194.803 
1 -270.901 -302.307 -11,8.615 -165.764 
2 -173927 - 166.410 - 99.756 - 95.547 
3 -108.088 - 60.512 - 66.307 - 40.101 
4 - 63.389 - 69.527 - 43.319 - 47.570 
5 - 33.041 - 93.826 - 27.435 - 62.789 
6 - 12.434 - 12.665 -16.373 - 16.142 
7 1.549 61.850 - 8.584 71.271 
B 11.045 11.738 - 3.018 - 3.546 
9 17.491 -41.320 1.039 - 35.954 

10 21.867 20.796 4.072 3.763 
11 24.841 81.343 6.411 42.745 
12 26.858 29.419 8.280 9.035 
13 28.225 - 22.760 9.831 - 24.881 
14 29.154 28.073 11.169 10.7/,4 
15 29.784 78.443 12.364 46.161 
16 30.206 33.256 13.467 14.8ZJ 
17 30.490 - 11.607 14.515 - 16.356 
18 30.680 29.634 15.328 14·804 
19 30.799 70.648 16.104 45.848 
20 30.869 34.033 17.037 18.777 

21 30.902 - 2.139 17.932 - 8.067 
22 30.900 29.863 18.794 18.157 
23 30.863 61.675 19.621 44.252 
24 30.787 33.939 20.409 20.212 
25 30.658 6.529 21.146 0.993 
26 30.459 29.415 21.812 21.050 
27 30.159 51.940 22.376 40.892 
28 29.713 32.706 22.795 25.073 
29 29.051 13 .71 1 22.998 9.385 
30 28.074 27.023 22.888 22.007 
31 26.634 39.713 22.315 34.033 
32 24·512 26.867 21.0'57 23.055 
33 21.384 13.374 18.793 11.375 
34 16.778 15.964 15.05t 14.293 
35 2.976 16.251 9.130 14.917 
36 0.000 0.000 0.000 0.000 
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namely the bending moments in the vertical members are differ
ing from each other in either of the considered hypothesis. 
In the case of the continuous connection of constant stiffness 
the bending moment diagrams of vertical members are usually 
rectified, passing from the continuous connection to the 
discrete one with coupling beamso This correction implies on 
one hand new errors of approximation and on the other hand, 
the punctual link does not correspond totally to the realitiy. 

The use of a continuous connection of variable stiffness 
instead of the horizontal coupling elements leads to a bending 
moment diagram which may be employed without any changes. 
This latter statement is also confirmed by some experimental 
data concerning the behaviour of the connection zones among 
the horizontal and vertical members [2] 
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INTRODUCTION 

Reinforced Concrete Chimneys have not received as much 
attention as that of building or other tower frames for the 
evaluation of their response to impulsive lateral forces 
arising due to ground motions, although many Codes of Practice 
do provide some guidelines~ not always reliable, for esti~ 
mating these forces and the corresponding displacements of 
these systemso The present study purports to be a step in 
this direction in providing some numerical data for a fuller 
comprehension of the dynamiC behaviour of tyro practical 
examples of reinforced concrete chimneys (Fig. 1). The 
analysiS is performed using the well known step-by-step 
numerical integration procedure to a digitised forcing func
tion (Table 3) of an actually recorded accelerogram spectrum. 
Results have shown the need for a revision of the relevant 
clauses of a Code of Practice. 

ANALYSIS 

BeSides making the fundamental assumptions of the 
classical vibration theorY9 it is also taken for granted 
that the structural equivalence is fully valid between the 
given one-dimensional continuum and the assumed lumped-mass
parameter system,whose lateral response to a horizontal 
north-south component of the input ground motion, is only 
relevant~ The interaction between the foundation and the 
structure t if anYF is neglected while the joint rotation in 
the structure is considered& For numerical integration the 
acceleration associated with each degree of freedom of each 
discretized mass is assumed to vary linearly in a small step 
interval of time implying thereby quadratic and cubic vari
ations of velOCity and displacement, respectively, within 
the assumed step-interval. Two types of viscous damping 
mechanisms~ one proportional to mass and the other proport
ional to stiffness, are assumed. 

The classical equations of motion~ in matrix form, are 

Adopting an incremental deformation technique~ for a small 
increment t in time, t, 

where 
[M] = Diagonal mass matrix 
[C] = Damping matrix 

[K] = Dynamic stiffness matrix 

0".(2.2) 



b,X AX ~ l1X = Changes in accelera tions ~ veloei ties 

.. 
and displacements in the time-incre
ment to 

~Xg = Change in ground acceleration in t. 

1295 

For the analysis of free response of an undamped multi= 
degree lumped-mass system~ 

[MJ {i:} + [K] {x} = 0 

This ultimately reduces to a characteristic value problem~ 

[D] = :\[rJ ::: 0 000 (2,,4) 

where [D] = [M]-l [K] and the frequency parameter~ A = w 2 

For the numerical evaluation for the free response of 
the two examples on hand (Fig.I), the unsymmetric matrix [D] 
is reduced 9 following a conventional procedurs 9 to upper 
Hessenberg form USing similarity transformations? then 
applying QR transformations and adopting a double shifting 
technique t an accelerated convergence of the eigenvalues is 
obtained with the help of a subroutine developed for the 
purpose. 

For the forced response~ if conditions of displacement~ 
velocity and acceleration at time t at (m=l)th interval? 
including the acceleration for the :t~ interval~ X(t)~ are 
known, then the velocity and displacement~ ~ and xm p res~ 
pectively~ are, 

~ = ~-l 
t 

+JID. 

x (t)dt 

t t 

~ = Xm_1 + ~-l( t) + fm [1m 
X(t) diJdi"0o(2,,6) 

t t m-l m=l 

In the time interval ~t ( = t - t l.)p the acceleration In III m-
at any time t9 is approximately~ 
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Then the recurrence formulae for velocity and displacement 
can be written as 

• • f:j.t·· •• 
~ :: Xm_l + 2 (~-l + ~) • •• (2.8) 

Llt2 •• " 
X = ~-1+ ~_14t + ~(2Xm_l+ ~) .•. (2.9) 

In matrix form, 

.} { • } ~ {"} .6t {" } { X t = X t- t + 2 X t- ~t + 2 X t ••• (2.10) 

= (x} + ~ {i} + L\t
2 {i} 

{X} t {X}t_ bt + l'lt t t- At 3 t-At b t 

••• (2.11) 

Here the subscripts denote the times t and (t -~t) when 
responses are required of the system. In incremental form, 

••• (2.12) 

••• (2.13) 

where 

{O} L'lt {"} == -3 X - - X 
t- At 2 t-~t 

.... (2.14) 

6 {"} {"} == - ~ X - 3 X 
t-At t-L'lt 

.. 
The expressions for X and X, when substituted 

in equations (2.2); results in a following form 

••• (2.15) 
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where 

[K*] = ~!2 [M] + ~ [C] + [K] 

and 

The numerical process consists of initializing the 
values of the relative velocity and displacement vectors to 
zero assuming that the system is initially at rest. The 
terms of the relative acceleration vector are then found to 
be equal to the initial acceleration of the ground from equ
ation (2.1), i.e. 

{i} = - X {l} o g 
• .,.(2.17) 

The following steps are then executed repeatedly, 

{A} = - ;t {x} -3 {x} 

{B} = - 3 {x} - A~ {x} 

{~R} = - [M] {4Xg} -[MJ {A} - (a] {B} 
[K-] [K] + -it- [0] 6 [M] = + At2 

-l 
{.6x} = [K*] {.6R} 

{x} = {x} + {LlX} 

{x} = {i} + l ~x} + {B} Llt 

{x} = {X} + 6 px} + {A} ~t2 

The inverse of [K*] is found on the first pass and is 
used repeatedly in the subsequent steps. 

The procedure is found to be self-starting and also 
efricient not involving any iteration during a same time 
step. For a stability of the solution, two different step
intervals are tried to confirm finally that ~t = 1/6 of 
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the shortest period of the structure~ corresponding to 
seventeen/thirteen mass-lumpingsy is quite satisfactoryo 
The program NUMRINT developed for the purpose~ consisting 
of several subroutines~ is Lound to be sufficiently versatile 
printing out the member displacements and the member forces 
in a required format for direct interpretation. 

For the forcing function, the digitized, north-south 
component of the Royna earthquake (December 1967), having 
a maximum ground acceleration = 0063 g, is used for evaluat
ing the dynamic responses of the two examples. 

The damping matrix is, following conventional lines p 

written as 

[0] = a: [1ii] + ~ [X] 

where 

.... (2 0 19) 

~ being the ratio of actual damping ~o critical 
damping andCUm is the natural frequency in a ill li mode. 
Knowing ~ for the system it is possible to select the con
stants a: and ~ to define the damping matrix [C]. The funda
mental mode being a predominant mode is adopted along with 
the second mode to evaluate the values of a and ~. 

The selection of the step interval or the time-increment~ 
~t, is dependent on the properties of the structure form of 
the forcing function p and the numerical procedure used. If 
the time interval is too small~ the truncation and the round 
off errors will increase making the numerical procedure un
stable. On the other hand it should be suffiCiently small 
such that the essential features in the earthquake record 
are adequately represented. For a proper trade-off therefore, 
an approRriate time-increment should be chosen for which 
Newmark (6) has suggested, for a linear acceleration assumpt
ion~ the step interval to be less than 1/6th to l/lOth of 
the smallest period0 On the other hand Walpole and Shepard(8) 
have proposed 1/40th of the fundamental period. A period of 
1/6th of the shortest period is preferred for the present 
study as explained earlier. 

The two examples (Figol) considered for the numerical 
work refer to two reinforced concrete chimneys, 12100 m and 
10000 m high, with 6.7 ill and 3.0 m base and top diameters, 
respectively. In the first example the thickness varies 
uniformly from 45 em at the bottom to 30 cm at the top. In 
the second case the thickness varies from 35 em to 15 cm for 
a height of 70.0 m from ground, and thereafter a constant 
thickness of 15 em is provided. There is in addition a 
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concrete lining of 30 em thick provided for the top 4 m 
portion. The overall stiffness matrix is assembled first9 
considering three displacements per node? from which a re
duced matrix with only single degree of freedom per node is 
obtained e Using this condensed stiffness matrix and the 
lumped mass matrix, the free vibration response is evaluated 
assuming damping to be absente For the forced response the 
digitized values of time-acceleration data of the Koyna 1967 
earthquake given by Jaikrishna,et al (5) (Table 3) are used 
in the step-by~step numerical integration procedure from which 
lateral displacementB9 velocitY9 acceleration p shear force 
and bending moments, are calculated at each node. 

CONCLUSIONS 

The values of the fundamental period (Tables Ip 29 Fig 2) 
obtained agree well as expected with I.S. Code (4) confirming 
the reliability of the code.recommendation. It is generally 
difficult to ascertain the precise influence of higher modes 
on the dynamic response characteristics of such slender systems 
and there are no clear guidelines so fare 

For such line-like structures it is evident that the 
deflection will be a maximum at the free end (Fig o 3). It is 
interesting~ however~ to note that, for Example II f the de
flection at the top is not maximum presumably due to the 
presence of an additional internal concrete lining (15 em 
thick) at the top 4 m portionc 

The variation of bending moment with height is shown 
in Fig.4 and is found to resemble closely with what is re= 
ported by Ruman (7)? Chandrasekaran (1) etCC The values of 
the bending moment obtained here are? however? much higher 
than those obtained from the loS. Code (4)o 

The variation of shear force with respect to height is 
shown in Fig 50 The occurrence of the kinks may be attributed 
to the lumped mass idealization while the actual structure 
is a continuous systemo 

Since detailed calculations for the analysis of these 
chimneys for equivalent static forces (due to earthquake) 
are not available 9 it has not been possible to compare the 
stresses and deformations obtained from static and dynamic 
analyses. The study has~ however v revealed that large forces 
and deformations may occur in the system9 while the Codes 
may under-estimate these design considerationso Whether a 
rigorous analySis is required or not would depend upon the 
importance and complexity of the structure consideredc Besides 
the problem of uncertainty of the forcing function may also 
largely Vitiate the credibility of rigour in a deterministic 
study having such uncertain input parameters. Yet for a 
given forcing function, the forces estimated in the IoS oCode(4) 
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are far lower than what are likely to be e,xperienced by the 
structures. There is therefore a case for a more critical 
reappra.i.sal of the relevant recommendations for evaluating 
the dynamic forces in such line-like structural systems for 
a realistic design. 
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TABLE 1: FREE VIBRATION RESPONSE OF EXA14PLE I 

Mode Frequency Period 
cycles/sec. second/cycle 

1 0.342 2.92 
2 1.308 0.765 

3 3.148 0.318 
4 4.890 0.2048 

5 9.550 0.1048 
6 14.240 0.0703 
7 20.000 0.0500 
8 26.4.90 0.0378 

9 33.200 0 .. 03012 
10 43.10 0.2320 
11 51.20 0.0195 
12 56.60 0.01765 
13 71.60 0.01395 
14 82.50 0.0124 
15 88.00 0.01138 
16 96 .. 15 0.01040 
17 110.00 0.00908 

According to I.S. Code(4) the value of funda
ment al period, T = 2.92 sec. 

w2 = 1.308 3 
w

l 
0.342 = .82 

~ = 3.148 = 9 2 
wI 0.342 • 

1301 
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TABLE 2: FREE VIBRATION RESPONSE OF EXAMPLE-II 

Mode 

1 
2 

3 
4 

5 
6 

7 
8 

9 
10 

11 
12 
13 

Frequency 
cycl.es/seco 

0.431 
10654 
4,,170 
8,,210 

13.280 
19.700 
27.800 
36 0 840 
46.400 
55 .. 500 
66.200 
70.900 

1110180 

Period 
second/cycle 

2032 
0.605 

09240 
0.1218 

0 .. 0754 
0.0507 
0 .. 036 
0.02712 
0002156 
0,,0180 

0.0151 
0.0141 
0.009 

Note: According to I.S. Code(4), the value of 
fundamental period~ T ~ 2.11 sec. 

W2 1. 621: = 0.431 = 3.84 WI 

~ = ~.170 9.68 
WI 0 .. 431 = 
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SECOND MODE f<!r-fI---!!- FIR S T MOD E 

THIRD MODE 

EXample I 

SECOND MODE 
FIRST MODE 

THIRD MODE 

F1G·2-MODE SHAPES FOR EXAMPLE I &. II 
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SAMPLE OF SYMPOSIUM REVIEW 

ENGINEERING News 

~cssons from past point to 
future at earthquake meeting 

An International symposium on 
earthquake structural c-ngilleering. 
held !<.is-! Augu~t in St LouIs. Mo .. 
h<.!d as !lS stcUed objectwe to 
provide a m~ans for inleraction 
and cooperation Jmong prJcli
tiunl.![s. r-cscarchers. tduc;)lors and 
other public '.:.ervants in Ihe field of 
earthyuake qrUclUraJ engineering. 
Also. H was mean! 10 focus utten
tiun on sI.rllclUr31 desJgn 50 thaI it 
IS capable of" minimiilng Ihe 
disruptive dfecl:s of earthquakes 
on popuLition ernlers. 

The':it reporters fell that the: 
sympos.ium went f] long ,\a~ 
!Ov,Jrd meeting ir.s objeclives: 
nearly 200 represcntJtJYes from 23 
dJfi"erem CQuntnes (including Iht 

liSSR) met to pre.~em, heJ~ and 
discu-:.) approximately gO [echni-c',\\ 
papers. Dr. F.Y. Cheng. Lniversity 
of 1\-1issoun-Rolla, directed the 
~yrnp(,\~lum Following are ~omc 

highlight>: 

Building codes changed 

One rc!;ull of several reCent 
earthquakes has been a rl.!appralsaI 
of eXlsling building and bridge 
mdes; ~eve[JI (Japan. Turkey. 
Chile. fndJa .. the- U.S.) were di~, 

cu~s('"d, \1anY c-xIstln£ code ... have
been revised'<lnd urd';ttd reccflliy 
tn at Ic.a~1 tv.o .respccb·, ftrSI' the 
hltcral seismic force formula is 
now J function of <l lar!!er number 
or factors than prc'.YO\l~l)' and 
second. J disf1nction is made 
bd\\-cen "simple" structures thai 
{"an b't adcqu<ltely designeo lIsing 
the e-qulvi.llent stalic latera'! fo.rce 
and "complex" (long and/or WII) 
structures which reqUire the use of 

mace detailed. dynamic anaiys-ls 
methods. 

fa addition to the zone, framing 
and speclrum factors used to 

In many reinforced 
concrete buildings in 
Managua that 
experienced minor 
damage to the primary 
structure the "collapse 
of partition wall and 
ceilings" caused a 
great number of deaths. 

modiry the Slruc!ure dead load in 
the jalc-ral seismic force formula. 
new and addiIJonal factors: include: 
consideration of building occupan~ 
C) (structure importance faClOr) 
and the influence of local sod on 
structure :response (sile-structure 
rC.':>oriJnce factor). Change~ in the 
vurious buildtng codes (including 
the 1976 UBC) do not represent 
any surprises to the engineering 
pIofession: most were previously 
recommended in the various -engi
neering. studies that follow an 
earthquake. 

Outdated specs 

Design code changes have had a 
direct bearing on existing struc
tures that were designed using 
outdated specifications. and whose 
integrity is therefore in question. 
Allhough numerouS such struc
tures (.:urrenll), exist in various seis
mIcally active regions.. current 
codes make nO mention of retrofh-

Many existing codes ha~e been re~ised and 
updated recently in at least two respects: first, 
the lateral seismic force formula is now a 
function of a larger number of factors than 
previously and second, a distinction is made 
between "simple" structures that can be 
adequately designed using the equivalent static 
lateral force and "complex" (long and/or tall) 
structures, which require the use of more 
detailed, dynamic analysis methods. 

12 eMI Englneerlng-ASCE Deeamber 1976 

ling and provide no criteria as to 
how this 15 to be accomplished 
should the need ame. In line with 
this. one of the papers at the 
symposium covered the subject of 
.retrofitting existing bridges to re
duce seismic damage: a number-of 
praCllC<l.! retrofit measures were 
pres-ented. 

ScverJ! papers dealt with discU5-
::iWn5 of !e':>sons karned from 
pn!i.'lCl-\l~ earthquake:.:., The .972 
Managua, Nicaragua earthguake 
provided some insight~ into the 
madc-quacy of that (11y'S thell 
existing sei~mie building code pro
visions. (11 should be pointed out 
that prior 10 thar earthquake 
Mar.agua did not have an earrh
quake-oriented buildmg code.) A 
review of the response of rein
forced concrc~e structures during 
Ihe Managua quake recommended 
thai venical accelerations equal to 

80% of the horizDntal should be 
used in the dcs.ign proccs-s. This 
recommendation is based on accel
erogram records with maximum 
groun<i accderalion peaks of O.35g 
on the horizontal component and 
O.2.8g on the vertical component 
recorded ncar the epicenter. The 
high vertical acceleration is held 
responsible for the failure of 
numerous structures in Managua 
which collapsed due to column 
failure:. 

Other major caLIses of rein
forced concrete building collapse 
included inadequate beam-column 
connection design. Jack of rein~ 

forcement anch-orage. and in
adequale tranSveTs,e reinforcement 
of columns. In many bUildings that 
experienced minor damage to the 
primary slTUcture the "collapse of 
partition walls and ceilings" 
caused a large number of deaths:. 

A new unified .approach was 
presented for designing structures 
subjected to three components of 
earthquakes. When the analysis is 
performed by the response spec
trum method, the conventional 
method gives the maximum proba
ble value of various responses 
(displacement, force, moment, 
etc.) which in general do not occur 
simultaneously. If the design of a 

structural element or section is 
based on more Ihan One response, 
then the maximum probable yalue 
of each of rhem is used <'is if they 
were occurring :>imultaneousiy
whICh leads (0 unnecessary conser
vatism. Wi.thout tnrrodu.cing any 
neW assumptIOns. the- new ap
proach adds th~ capability of 
predicting simultaneous variations 
tn various responses. The result is 
economy Wllh safel), . 

(CiVil. ENGINEFRIi\.'G thank:.; A. 
Longino", and A. K Gupta, fIT 
Research Jnsliture. Chicago jor 
reporting Dn this symposium) 





SOME HIGHLIGHTS OF THE 
SYMPOSIUM ACTIVITIES 

Audience in one of the conference rooms 
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Preceding page blank Audience in another conference room 
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Welcome remarks by Mayor Poelker of St. Louis, Dr. Senne and Dr. Thompson sitting 

Opening remarks by Dr. S.C. Liu of NSF 

Drs. Nuttli, Galambos, and Liu listening to Mayor Poelker 
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Some participants at outside aT the COnference hall. 

Flags representing various national delegates 

Informal discussion over coffee 

Dr. Cheng on Radio and T.V. intervievvs 

Participants getting acquainted at coffee 
break 
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Old friends at the conference 

Dr. Cheng with Japanese friends 

Ladies activities 
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Dr. Ang at social hour 

Dr. Senne with his former colleagues 

Dr. Bertero exchanging information at social hour 
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Dr. Roesset and Professor Roberts at 
banquet 

Session chairmen, Drs. Ang, Bertero, Gould, Huang, and Venkayya at banquet 

Banquet hall 



Dr. Cheng with Soviet delegates on UMR 
campus--post conference tour 
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