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PREFACE

A few preliminary remarks are in order to introduce these PROCEEDINGS
of the REVIEW MEETING of the U.S .-JAPAN COOPERATIVE RESEARCH PROGRAM IN
EAR'YJ:IQUAKE ENGINEERING WITH EMPHASIS ON THE SAFETY OF SCHOOL BUILDINGS.

This cooperative program was initiated following the 1968 Tokachi-Oki
earthquake in Hokkaido, Japan, during which numerous reinforced concrete
school buildings of modern design suffered heavy damages. The design of
these school buildings, based on a seismic coefficient of 0.18 which is very
high in comparison with world standards, more than satisfied all of the
earthquake requirements of California schools at that time. Thus, it was
apparent that every effort should be made to improve new' designs through
(1) learning as much as possible from the experience of the Tokachl-Oki
earthquake, (2) reviewing and considering possible changes in building codes,
(3) improving design and construction practices, and (): ) initiating programs
of needed research.

In the interest of improving seismic safety of school buildings, a joint
seminar under the sponsorship of the U.S.-Japan Cooperative Science Program
was held in Sendai, Japan, during the period 21-26 September lSi70 for the
purpose of (1) reviewing, in depth, the causes of damage sustained by modern
school buildings during the Tokachi-Oki earthquake, (2) examining design and
construction methods, and (3) identifying and defining needed programs of
research which would be conducted most effectively on a cooperative basis.
The official participants of this seminar were H. Aoyama, University of Tokyo,
R. Hanson, University of Michigan, P. Jennings, California Institute of
Technology, H. Kobayashi, Tokyo Institute of Technology, K. Lee, University
of California, Los Angeles, K. Ogura, Meiji University, K. Ohno, Hokkaido
University, J. Penzien, University of California, Berkeley, J. Roesset,
Massachusetts Institute of Technology, T. Shiga, Tohoku University, M. Sozen,
University of Illinois, H. Umemura, University of Tokyo, and M. Wakabayashi,
Kyoto University. J. Penzien and H. lJmemura served as coordinators of the
seminar. The proceedings of this selainar (Proceedings of the U.S.-Japan
Seminar on Earthquake Engineering with emphasis on the Safety of School
Buildings - 466 pgs.) were pUblished by the Japan Earthquake Engineering
Promotion Society.

A second joint seminar under the sponsorship of the U.S.-Japan Coopera-
tive Science Program was held in Berkeley, California, during the period 4-8
September 1973 for purposes of reviewing (1) the causes of damages sustained
by reinforced concrete structures during the 1971 San Fernando earthquake,
(2) current research on earthquake resistant design, (3) the safety of exist-
ing structures and means of upgrading their resistance, and (4) post-earthquake
damage and adequacy of repaired structures. The official participants of this
seminar were H. Aoyama, University of Tokyo, V. Bertero, University of California,
Berkeley, B. Bresler, University of California, Berkeley, W. Corley, Portland
Cement Association, C. A. Cornell, Massachusetts Institute of Technology,
R. Hanson, University of Michigan, M. Hirosawa, Building Research Institute,
S. Ikeda, Tokyo Metropolitan University, P. Jennings, California Institute of
Technology, J. Jirsa, University of Texas, K. Kubo, University of Tokyo,
A. Mattock, University of Washington, J. Penzien, University of California,
Berkeley, Y. Ozaka, Tohoku University, M. Sozen, University of Illinois, and
M. Wakabayashi, Kyoto University. B. Bresler and K. Kubo served as coordina
tors of the seminar.

- i -



Prompted by informal discussions held at the Sendai seminar, a U.S.-Japan
Cooperative Research Program on Earthquake Engineering with Emphasis on the
Safety of School Buildings was later established under the U.S.-Japan Coopera
tive Science Program for the period May 1973 - October 1975. The cooperative
research in this program was conducted by B. Bresler, T. Okada, J. Penzien, and
M. Murakami at the University of California, Berkeley, by A. Shibata and
M. Sozen at the University of Illinois, and by R. Hanson and T. Nishikawa at
the University of Michigan. J. Penzien and H. Umemura served as coordinators
of this program. Also under the U.S.-Japan Cooperative Science program,
J. Penzien and H. Umemura conducted a 6-month cooperative research program
at the University of Tokyo.

Since the ultimate objective of the cooperative research program was to
propose advanced earthquake resistant design procedures for reinforced concrete
school buildings, a review meeting was held at the East-West Center, University
of Hawaii during the period 18-20 August 1975 to review the results of the
program and to formulate seismic design criteria and procedures. The 19 tech
nical papers included in these proceedings were presented at the meeting to
form a basis for the review. The official participants of this meeting were
H. Aoyama, University of Tokyo, B. Bresler, University of California, Berkeley,
R. Hanson, University of Michigan, P. Jennings, California Institute of Tech
nology, S. Kokusho, Tokyo Institute of Technology, T. Okada, University of
Tokyo, J. Penzien, University of California, Berkeley, A. Shibata, Tohoku
University, M. Sozen, University of Illinois, and H. Umemura, University of
Tokyo. J. Penzien and H. Umemura served as coordinators of this meeting.

On behalf of all participants of the joint seminars, the cooperative
research program, and the review meeting, we wish to express our sincere
thanks and appreciation to the National Science Foundation and the Japan
Society for the Promotion of Science for their financial support of all acti
vities mentioned above which were sponsored under the U.S.-Japan Cooperative
Science Program.

J. Penzien

H. Umemura
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CLOSING REMARKS

by

.. I
HaJlme Umemura

The objective of the U.S.-Japan Cooperative Research Program on
the Earthquake Engineering With Emphasis on Safety of School Buildings
was to propose a rational method for the earthquake resistant design
of reinforced concrete school buildings. For this purpose, the U.S.
Japan joint projects as well as the projects on individual basis in
each country have been carried out since 1973.

In order to review the progress of the program, the Review Meet
lng was held at Honolulu, Hawaii, U.S.A., during August 18-20, 1975,
and 19 papers were presented and discussed by both U.S. and Japanese
participants in the following five sessions:

Session I: Earthquake Ground Motion for Seismic Design

Session II: Dynamic Testing and Response of Reinforced Concrete
Buildings

Session III: Evaluation of the Seismic Safety of Existing
Reinforced Concrete School Buildings (A)

Session IV: Evaluation of the Seismic Safety of Existing
Reinforced Concrete School Buildings (B)

Session V: Strengthening of Existing Buildings and Repair
of Damaged Buildings

The presented papers were refined after the discussions at the
review meeting and compiled in these proceedings. The proceedings are
the final results of the program and our proposal for the future earth
quake resistant design of the buildings, while they do not appear in a
familiar form like a building code.

At the beginning stage of the program, our attention was paid to
the design of new buildings, the evaluation of the seismic safety of
existing buildings and the strengthening and repair of existing or
damaged buildings, independently. However, we gradually recognized
that a common important problem was hidden among them, i.e., "how to
evaluate the seismic safety of buildings". The discussion at the review
meeting was done from this point of view and all papers were related
with solving the common problem. This is why the proceedings are the
proposal for the future earthquake resistant design.

The following is a brief summary of each session with emphasis on
the relationship with the earthquake resistant design of buildings:

1. Professor, Faculty of Engineering, University of Tokyo, Tokyo, Japan
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Three papers presented in the session I deal with the character
istics of the earthquake ground motions which are important to decide
the criteria for evaluating the seismic safety.

Five papers in the session II which discuss the structural per
formance of reinforced concrete members and buildings subjected to
earthquake ground motion contribute to determine the criteria, to make
reasonable analytical models of buildings and to develop analytical
methods for earthquake response of buildings.

The recent trend in developing the earthquake resistant design
method in Japan is reported in the session III. The methodologies
for evaluating the seismic safety of existing buildings are also
discussed in the session III. They have been developed independently,
but based on the similar concept which starts from a simple method like
field investigation or estimation of a seismic safety index as wall
column area ratio and gradually employs more elaborated analysis con
sidering the strength and ductility of the buildings. The methods
are applicable also to the design of new buildings with some modifica
tions.

Four practical methods for evaluating the non-linear response of
buildings are proposed in the session IV, which are useful both for
the design of new buildings and for the evaluation of seismic safety
of existing buildings.

The methods for strengthening the buildings which are evaluated
unsafe and the method for repairing the earthquake damaged buildings
are suggested in the session V.

Another successful result of the program was the exchange of the
researchers between U.S. and Japan greatly contributed to the progress
of the program. Six of nineteen papers presented to the review meeting
were based on the joint projects performed by the exchanges of the
researchers.

I, as one of the cQordinators, express my sincere gratitude to
the National Science Foundation and the Japan Society for the Promotion
of Science.
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1 STRONG GROUND MOTION

AND SEISMIC DESIGN CRIT ERIA

by Paul C. Jennings
I

INTRODUCTION

The purpose of this paper is to summarize the status of measurements
of strong ground motion in the United States and to discuss how the data
are being used to determine seismic design criteria. The statistical data
concerning the strong-motion records and the measurement programs
are drawn from a series of papers by D. E. Hudson and his coworkers
(1, 2, 3, 4); these references can be consulted for additional information.
Almost all of the accelerograph networks in the United States are main
tained by the Seismic Engineering Branch of the U. S. Geological Survey,
or are coordinated with the program of this agency. The instruments
are owned by a wide variety of organizations, including federal and state
agencies, universities, public utilities and building owners. The Seismic
Engineering Branch, however, services many of the instruments owned by
others and acts as a central repository for the records and the digitized
data.

STRONG-MOTION DATA

Of the estimated 4000 strong-motion accelerographs installed at
present in the world, about 1000 are located in the United States. All but
a very few are in the western part of the country, with the large majority
in California. The number of instruments has increased dramatically
from a level of about 100 in 1965, largely because of the introduction at
that time of a requirement in the Los Angeles Building Code that three
accelerographs be installed in all major buildings (essentially those above
10 stories), and the establishment by the State of California in 1972 of
the Strong-Motion Instrumentation Program. The later program is funded
by a 7 cent per $1000 assessment on building permits and has already re
sulted in the installation of a few hundred accelerographs.

The instruments are of various types and use different recording
techniques (5), including photosensitive paper, film and magnetic tape.
The majority of the instruments installed in the United States are of the
film-recording type in which a mechanical-optical system is used to
generate a trace on 70-mm film. Experience with this type of instrument
has shown it to have a resolution of about 0.001 g and a dynamic range of
about 1000. The combination of dynamic range and resolution, simpli
city: and field reliability obtained by the mechanical-optical instruments
has not yet been achieved by instruments recording electronically. The
velocities and displacements associated with the recorded accelerations

I
Professor of Applied Mechanics, California Institute of Technology,
Pasadena, California 91125.

-1-



are found from integration of the accelerograms after some needed fil
tering has been performed. (6) The resulting ground displacements are
thought to be reliableto about..±l centimeter in the 5 to 8-second period
range and to about +2 centimeters in the 10- second period range. Com
ponents of the motion with periods longer than 15 seconds have been re
moved by filtering, as these periods are beyond the accurate recording
range of the instrument.

N early all of the significant U. S. records have been digitized and
analyzed in a multiyear project at the California Institute of Technology,
under the sponsorship of the National Science Foundation. The project
has resulted in a voluminous set of reports containing uncorrected
accelerograms, corrected accelerograms, velocities and displacements,
response spectra and Fourier spectra. (6) The basic information is also
available on punched cards and on computer compatible magnetic tapes.
Detailed information a bout the availability of the data can be obtained from
th e National Information Service for Earthquake Engineering, Thomas
Laboratory, 104-44, California Institute of Technology, Pasadena,
California 91125.

This data bank contains 381, 3-component acce1erograms and their
derived velocities, displacements, response spectra and Fourier spectra.
One hundred eighty seven of the records were obtained on the ground,
ITlainly in baseITlents of buildings with the rest froITl upper floors of
buildings. These records were obtained from 57 different earthquakes
ranging in Magnitude from 3 to 7.7, but 241 records, including 98 at
ground level, were obtained from the Magnitude 6.4 San Fernando earth
quake of 1971. The M = 6.4 Borrego Mountain earthquake in 1968 gen
erated 13 records and the Lytle Creek earthquake of 1970 (M = 5.4)
produced 7 records. All of these are southel'n California earthquakes.
The site producing the most records from different shocks is El Centro,
California, where the well-known accelerogram of 1940 was recorded.
There are 16 different records from this site. Of the records obtained
at ground level, 60 percent have been categorized as being recorded on
alluvium, 30 percent on intermediate sites, including sedimentary rock,
and 10 percent on hard, crystalline bedrock.

Figure 1 illustrates the Magnitudes of earthquakes from which ac
celerograms have been obtained. This figure makes it clear that there
are very few records from truly great earthquakes. The strong ground
motion from a Magnitude 8.0 or greater earthquake has not yet been re
corded and only a few records from Magnitude 7.0 shocks are available,
none of these from the area of strongest shaking. The records of most
severe shaking were obtained during the San Fernando earthquake and at
El Centro in 1940. In particular, the record at Pacoima dam in the San
Fernando earthquake was recorded almost directly over the geometric
center of the area of fault rupture and showed about 8 seconds of very in
tense motion, including high-frequency peaks in the horizontal compo
nents that exceeded 1 g.

The strength of the record from Pacohna darn and the general lack of
other records obtained near the fault in major shocks has led to a wide
difference of opinion among researchers concerning the strength of
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shaking to be expected in large earthquakes. Obtaining the measure
ments of ground shaking in the near field in major earthquakes, which
are required to resolve the different viewpoints on this important prac
tical problem, represents the highest priority of the strong-ground motion
program in the author's judgment. The next largest gap in the data is
the lack of enough records to determine the nature and amount of effects
that different local soil conditions and geologic settings can have upon
the motion.

CHARACTERISTICS OF PEAK GROUND MOTION

The principal use of the strong-motion records for engineering is to
determine appropriate design criteria for future construction. The
understanding of the ground motion and the resulting structural response
made possible by the accelerograms is essential to rational earthquake
resistant design. One of the most common ways to present the data for
this purpos e is to plot the peak values of the ground motion as functions
of distance from the source area and Magnitude of the earthquake. The
peak values of horizontal acceleration, velocity and displacement are
plotted this way in figures 2, 3 and 4. The data points are the selected
records tabulated by Hudson (2) with minor modifications as indicated
below. Each of the figures has the same horizontal scale, and uses the
same symbols for Magnitude. Of the 93 accelerograms included in the
plot, 60 are from the San Fernando earthquake, and this dominance of the
data by the one earthquake must be considered when interpreting the
trends.

The peak accelerations are plotted in figure 2. A plot of this data
emphasizes the high-frequency content of the motion. The points are
those given by Hudson (2) plus the Melendy ranch record (0.69 g and
0.47 g) from the Magnitude 4.7 Bear Valley earthquake of September 1972.
(7) In figure 2, oot..~ components of acceleration have been plotted for
those records with a peak horizontal acceleration greater than 0.20 g,
or which were recorded at distances less than 20 kilometers. In the case
of smaller or more distant records, only the larger of the two horizontal
components has been plotted. The distances used are the epicentral dis
tance given in reference 2, with the following exceptions~ The records
obtained from the Parkfield earthquake are plotted at the distance from
the fault, as given by Page et al (8); and the Pacoima dam record is
plotted at a distance of 1 kilometer. The symbols used to denote
Magnitudes are the same as used by the USGS in reference 8, and the sets
of data overlap to the extent that they are substantially the same. The
only major difference is that figure 2 is a linear plot, whereas two-way
logarithmic graphs are used in reference 8.

It is difficult to identify trends in figure 2 because of the variability
of the data and the scarcity of measurements for distances less than 20
kilometers. For this reason, no curves or formulas have been applied to
the data. It does seem possible, however, to make the following
observations: 1) The variability in the peak acceleration is larger in the
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near field « 20 kiloITleters) than it is further away froITl the source;
2) There appears to be a weak dependence on Magnitude in the near field
which grows stronger with distance; 3) The data suggest a rapid attenu
ation with distance in the near field, followed by a ITlore gradual decay
thereafter; 4) In terITlS of trends so far apparent in the data, the PacoiITla
daITl record lies well above the rest of the data.

A siITlilar plot of velocity is given in figure 3. The ground velocity
tends to eITlphasize ITliddle frequencies and is preferred by SOITle investi
gators over peak acceleration as an indicator of the strength of ground
ITlotion. Both cOITlponents of ground velocity are plotted in figure 3 for
records with peaks greater than 20 centiITleters per second, and for
records obtained at distances less than 20 kiloITleters. The data are
froITl reference 2 with the changes noted above, with the exception that
ground velocities are not available for the Melendy ranch record. Again
the dispersion in the data is apparent, with an even wider variation than
seen in the previous figure, particularly for those records obtained
closest to the fault. There is also the iITlpression that other factors beside
distance are of ITlajor iITlportance. For exaITlple, the ground velocities
appear to increase going froITl 25 to 40 kiloITleters. This effect is a result
of the data froITl the San Fernando earthquake and reflects the growth of
surface waves as the ITlotion traversed the deep sediITlents of the Los
Angeles basin. In addition to such effects of travel paths and local geo
logy, it is also believed that the high velocities recorded near the source
at Parkfield (M = 5.6, v = 78 centiITleters per second) and at PacoiITla
daITl (M = 64, v = 113 and 57.7 centiITleters per second) are a reflection
of the source ITlechanisITls. The data tentatively suggest that these high
velocities attenuate rapidly with increasing distance.

The peak displaceITlents, which are ITlost indicative of the low
frequency cOITlponents of the ground nlOtion are plotted in figure 4. The
records used are the saITle as for figure 3. There is an even wider varia
tion in the data than in the previous figures and if it were not for the
Parkfield record (d = 26.4 centiITleters) and that froITl PacoiITla daITl
(d = 37.6 and 10.8 centiITleters), it would be difficult to identify any attenu
ation of peak displaceITlent with distance within the first 60 kiloITleters.
As was the case for ground velocities, these two records obtained very
near the fault appear anoITlalous with respect to the other data.

The lack of data in the near field and the variability of what data
there are show clearly that ITlany ITlore records are needed to define trends
in peak ground-ITlotion paraITleters close to the causative fault. Unfortu
nately this is also the region of ITlost iITlportance to engineering; in the ITlore
seisITlic regions of the country, especially California and Nevada, a given
site is alITlost always within 20 kiloITleters of an active fault, and the
characteristics of the ITlotion in the near field are of critical iITlportance
in the earthquake-resistant design of ITlajor structures and facilities. The
situation is cOITlplicated further by the fact that in the near field the appro
priate distance to use becoITles hard to deterITline and the Magnitude, the
ITlost COITlITlon single index of the size of the earthquake, becoITles a less
reliable ITleasure of the energy released at frequencies of iITlportance to
engineer ing.
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IMPLICATIONS FOR EARTHQUAKE-RESISTANT DESIGN

All of these points argue strongly for looking beyond peaks of ground
m.otion param.eters when determ.ining earthquake- resistant design criteria.
It is m.uch m.ore logical, from. the viewpoint of engineers, to try to use
the existing near-field data to a m.uch greater extent, to seek better m.ea
sures of the strength of the shaking and to supplem.ent these efforts by
analyses.

As has long been recognized, some of the disadvantages of using
peak ground-motion parameters can be overccme by using response
spectra. In one such approach (9), response spectra recorded under con
ditions comparable to those of the design earthquake are used in an em
pirical manner to determine the level of the design spectra. It would also
seem possible to use Fourier spectra to advartage in setting earthquake
resistant design criteri3.. The spectral m.ethods have the advantage of
treating the range of periods of interest in the problem simultaneously
and consistently. They have the disadvantage of being a nonunique repre
sentation of the motion and as a result the spectra do not always reflect
features of the ground motion, particularly the duration of shaking, in the
most meaningful way. Even with th:s limitation, however, the spectral
methods are thought to be much superior to methods based on peaks of
ground motion parameters.

The inadequacies of peak values of ground motion, especially peak
acceleration, as measures of the strength of shaking have lead to the
development of other indices of the intensity of the motion. The most
promising of these is thought to be the integral of the square of the ac
celeration over the duration of strong shaking. This measure, which has
been related to the energy input to an ensem.ble of simple linear oscilla
tors by Arias and his coworkers (10, 11) has the advantages of simplicity
and physical significance, and fits well into the theoretical framework of
random vibrations. (l2) To improve substantially on this single m.easure
of the motion it seems necessary to use more than one parameter. For
example, the integral of the acceleration squared could be supplemented
by the duration of the strong shaking, thereby describing both the total
amount and average rate of energy input. Similarly, the peak accelera
tion, velocity and displacement together have been suggested as a three
parameter measure of the shaking. The description of those character
istics of the ground motion of im.portance to engineers by more than one
parameter and the relation of these parameters as directly as possible
to earthquake design criteria seems to be the most promising direction
for work in this area.

The importance of the earthquake problem and the Jack of data in
the near field have lead to a large number of analytical attempts to in
crease the understanding of the characteristics of strong-ground motion.
These studies include deterministic analyses using the seismological
concepts of seismic moment, stress drop, etc., or the related quan
tities in the frequency domain. Some of these analyses employ finite
element models of the source region, while others use analytical re
sults from dynamic elasticity. These efforts are directed at exploiting
the advantages of a more detailed description of the mechanics of energy
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release than is given by the single number, the Magnitude. It is expected
that the results of studies of this type will be increasingly useful to
engineering.

Statistical analyses of the existing strong-motion data are also used
to try to identify trends and levels that may be valid in the near field.
There analyses are most commonly done using logarithmic values of
peak ground-motion parameters and distances, in addition to Magnitude
(also a logarithmic parameter) and such variables as site conditions or
Modified-Mercalli intensity. The statistical studies can provide valuable
insight into the nature of the earthquake motion (e. g. reference 13), but
the lack of data in the near field, the wide dispersion of the data, usu
ally describable by a log-normal statistical distribution, and the neces
sity of using simple, but limited parameters such as peak acceleration
tend to restrict the engineering utility of these studies, in the author's
opinion.

The concentration of attention on the strong shaking near the fault
and the discussion of how strong the shaking might be in the strongest
credible case tend to give an imbalance to the problem of determining
earthquake-resiJtance design criteria. These very large motions must,
by definition, occur very rarely and the data so far recorded indicate
that the areal extent of the extreluely strong motion is confined to within
several kilometers of the source. Earthquake experience also indicates
that energy is not released at maximum intensity everywhere along the
fault. Under these circumstances, a structure has a very small chance
of receiving such intense motion during its useful lifetime, and in all
but the nlOst exceptional cases the only reasonable limitation on response
is that the structure should not suffer damage so severe as to be in im
minent danger of collapse. Determining the level of the strongest cred
ible motion and the assessment of the capacity of structures to resist
such shaking by nonlinear, yielding response are both tasks full of major
uncertaintities and important assumptions, without the essential backup
of experimental data. It therefore seems important when the earth,
quake design problem is approached in this manner to make an additional
comparison of the response of the structure at lower levels, for example
at yield point stresses, in response to more moderate shaking. Atthis
lower level of response, both the excitation and the behavior of the struc
ture are much better understood and it is possible to obtain a better eval
uation of the adequacy of the design under more probable excitation.
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Figure 1.

Distribution of Magnitudes of Earthquakes with Recorded Strong Ground Motion (Hudson, 1975b).
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2 Earthquake Notion Heasurement and Analysis of Pile-Supported
Building and Its Surrounding Soil

Synopsis

Soichi KAWAMURA
Yutaka 08 ",,"WA
Hajime UMEMURA

*
**

***

The interaction effects between a structure and its surrounding soil
are considered to be significant especially when the structure is stiffer
than the soil. Since most of the structures built on the very soft ground such
as rec:laimed ground are supported on piles, the soil-structure interaction
becomes more important and complicate. However the real comprehension of
the effects by way of field research was not enough up to the present.

This report describes the outline of earthquake-motion measurements
in pile supported 7-storied apartmenthouse and its surrounding soil as
well as the analytical results. The earthljuakes measured ,Tere not so
intense but throu~h their analysis many characteristics were recognized
regarding the soil-structure vibration. Theoretical analysis was made
in the elastic range and the results were compared with observed values.
rihe volume of surrounding soil which cooperate with piles and modal
damping factors of soil and structure could be obtained.

1. Outline of the Measurement System

1.1 Building

The building where earthquake-motion mea:, J.rement has been
carried out is 7-storied apartmenthouse made of precast light-'Neight
concrete as is shown in Photo. 1 and Figs. 1 and 2. It is supported on
P.C. piles which are driven into a dense sandy layer 12m below surface
The main f:tructural comjJonents are ,raIled fram<'~s in longitudinal direc
tion and shear walls in transverse direction. The dimensions are 55.8 ill

in Y direction, 13.6 m in X direction and 19.1 m in Z direction excluding
penthouse.

The natural periods of the building obtained from the forced
vibration tests are 0.19 sec in X a~d 0.24 sec in Y direction. Trans
lational and rotational displacements at the base are quite large ane'
occupy about half of the top displacement.

*
**

***

Taisei Corporation
Professor, Earthquake Research Institute, University of Tokyo
Professor, University of Tokyo
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1,2 Soil

The surrounding soil is mainly consisted of sand and partly
of silt or clay. The N-value distribution is shown in Fig. 3 and
the shape varies place by place. The thickness of reclaimed layer is
as shallow as 4 - 5 m.

T:le predominant periods observed in microtremor at the ground
surface (GL) are 0.2 - 0.4 sec, 0.7 sec and 1. 2 sec.

1.3 Measurement System

The location of pick-ups is shown in Fig. 3 together with
soil profile. They are separated into two groups, building line and soil
line, which are denoted by filled circle and empty circle respectively.
Building line consists of 5 points, RF and IF in the building, GL-4 m,
- 12 m and - 24 m just belo"VT the building. Soil line is parallel to
the building line and consists of 4 points at the same level: GL,
GL-4 m, - 12 m and - 24 m about 15 m distant from the building. Each
point has three components, two in the horizontal (X, Y) and one in the
vertical (Z) direction. The natural period of the pendulumn is 0.2 sec
or 0.33 sec and acceleration is recorded. In addition to them 5.0 sec
pick-ups are placed in three direction on the RF only and velocity is
recorded at the same time. The number of recording channels is 30 in
all. T:le recorder is optical type and triggered when acceleration over
1 gal acts at GL-12 m below the building.

2. Outline of Observed Earthquakes

2.1 Intensity and Epicenter

Since the measurement was begun in Dec. 1971 more than 80
earthquake3 have been obse~'ved. All of them belong to small or middle
class of int~nsity, IV or less in Japanese 11eteorological Agency scale.
Epi~enters of them mostly lie on the side of the Pacific Ocean and above
all i.n the north-eastern Kwanto district. The distances to the epicenters
are distri.buted in quite wide range, but more than half of them are less
than 80 km.

Most of the focal depths are around 50 km and 90% of them are
less than 100 km. Magnitudes are mostly belOiT 6.0 with a few exceptions
like 7.2 or 6.8.

2.2 Observed Records

Figs. 4 and 5 show examples of the observed records in horizontal
direction. Amplification from the lower point to the upper point is clear,
but the times when .naximum amplitudes occur do not always coincide. The
recorri at RF oscilates somewhat harmonically.
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To compare the records of building line and soil line at the
same level conspicuous difference can not be found at the lower two
levels GL-12 m and - 24 m. However at GL of the soil line rather
shorter periods are contained considerably and its maximum amplitude is
greater compared with IF of the building line.

Fig. 6 shows vertical records of the same earthquake shown in
Fig. 5. Compared with horizontal motions vertical ones have relatively
flat envelopes. Very short periods are predominant at the beginning of
records and especially upper points have the feature all the more re
markably.

3. Amplitude Characteristics of Observed Records

3.1 Amplification of Horizontal Motion

The average amplitude ratios of maximum accelarations for 20
earthquakes regulating IF to unity in three directions are sllOwn in
Fig. 7, where the thick continuous line and broken line denote building
line and soil line respectively both with standard deviations shown by
lateral bars.

In horizontal directions amplification is remarkable above
GL-4 m where was the ancient sea bed and N-value is a little high, and below
that point amplification is small. The difference between the building
line and the soil line can be seen only between IF and GL. Maximum
amplitude of GL is about 1.5 times that of IF. At lower levels both
lines are almost equal, especially at GL-24 m and - 12 m. Horizontal
motion is amplified 2.52 and 2.83 times from IF to RF each in X and Y
direction.

Average amplification factors from GL7 24 m are shown in Table 1,
vnLich are calculated independently for building line and soil line. Am
plification factors of horizontal motion from GL-24 m to IF are 2.45 in
X and 2.34 in Y direction, which are nearly equal to those from IF to RF.
Consequently from GL-24 m to RF amplification factors are 6.19 in X and
6.64 in Y direction. In the soil line from GL-24 m to GL they are 3.61 in
X and 3.24 in Y direction.

3.2 Vertical Amplitude

As shown in Fig. 7 amplification in the vertical direction is
not so large as in horizontal directions. Average amplification factors
are 1.48 from IF to RF, 1.64 from GL-24 m to IF and 2.43 from GL-24 m to
RF in the building line. In the soil line amplitude grows 1.96 times from
GL-24 m to GL.

Fig. 8 shows the result of comparison of the vertical and
horizontal motions at three points: GL of the soil line, GL-12 m and
GL-24 m of the building line. Though at GL vertical motion is 27 -
34% of horizontal motions the ratio increases to 45 - 49% at GL-12 m and
as large as 61 - 73% at GL-24 m. The change of the value is explained
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by the fact that the vertical amplification is not so large as the hori
zontal. Anyhow it should be noted that such a quite large value as 61 
73% is observed at the bottom.

4. Period Characteristics of Observed Records

4.1 Fourier Spectrum Analysis

Fourier amplitude spectra and their ratios in the horizontal
directions are shown in Figs. 9 and 10. Though amplitude spectra are
influenced by the epicentral distance or magnitude of earthquakes com-
mon tendency can be observed as follows. The spectra of RF and IF have
relatively simple peaks about 0.32 sec in X and 0.34 sec in Y direction
which are considered to be the primary periods of coupled building-pile
soil system. At GL SUC~l shorter periods as 0.14 sec and 0.20 sec are pre
dominant rather than 0.30 sec vThich is considered to be the primary period
of the soil column above GL-24 m. On the contrary at GL-12 m and - 24 m
longer periods like 0.5 sec or 0.7 sec are predominant.

Transfer characteristics represented by Fourier amplitude ratio
have relatively constant peaks irrespective of the difference of earth
quakes as shown in Table 2. The primary periods of the building with base
rotation included are judged 0.24 sec in X and 0.27 sec in Y direction,
and also that of the soil above GL-24 m is 0.30 sec from GL/GL-24 m .
0.14 sec and 0.20 sec in the spectra of GL are revealed to be the
characteristics of the layer above GL-4 m and - 12 m respectively. The
predominant period of RF can be explained by taking the system above
GL-24 m. The shift of the period characteristics in accordance with time
elapse can be seen using running Fourier spectrum. Figs. 11 and 12 are
the amplitude spectra and amplitude-ratio spectra, where the time dura
tion of a unit block and time interval between blocks were selected so
as that the blocks are not wrapped too much. Based on these analyses
general tendency t~lat the longer periods dominate in the latter part of
a record was affirmed. The transfer function shown by amplitude ratio
spectrum is almost unvaried irrespective of time elapse and amplitude
variation.

4.2 Comparison between Buildines Line and Soil Line

Fig. 13 shows the Fourier amplitude ratio spectra between the
building line and the soil line. From the ratio IF/GL it is clear that
with about 0.3 sec as thco boundary in longer period range both amplitudes
are nearly equal but in shorter period range IF is half of GL on an
average. This means that the short period elements have large amplitude
at GL but they are reduced acting on the building. The average maxi-
mum amplitude ratio 1.5 shown in the section 3.1 can be explained by
these short period elements.

Sue;} a tendency is weakened according as the depth from the
ground surface increases. The ratio at GL-24 m is around unity though
with some fluctuation, and it coincides with the fact that both amplitudes are
nearly e~ual. In the ratio at GL-12 m quite large and stable fluctuation
is conspicuous, though both lines were shown to have nearly equal amplitudes.
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4.3 Period Characteristics of Vertical Motion

In Fig. 14 are shown the Fourier spectra and its ratios of
vertical motions. Compared with the horizontal spectra the period
characteristics of vertical motions are not necessarily different from
the horizontal ones, though the transfer function is biased to the very
short period.

5. Lumped Hass Models and Damping Factor for Building and Soil

5.1 Building

The natural periods of lumped mass models for three directions
are shown in Table 3 compared with observed values. Though in Y direcion
good coincidence are obtained analytical results are quite shorter than
the observed in X and Z directions.

In X direction wall was calculated as a continuous cantilever,
but as a result it overestimated the stiffness and the loosening of
joints between precast pannels should be considered. In Z direction axial
stiffness of walls and columns were adopted, but also in this case re
duction factor should be introduced though it may be difficult to get the
value theoretically.

5.2 Soil

The natural periods of the lumped mass models for the soil
column above GL-4 m, - 12 m and - 24 m are shown in Table 4 with observed
values. They coincides quite well and the lumped mass model was proved
to be enough for the analysis of soil. Fig. 15 shows the participation
function of the model above GL-24m. The whiplash-like amplification in
~he reclaimed layer should be noted.

5.3 Damping Factor Obtained by Spectrum-Fitting Hethod

Modal damping factors were obtained by spectrum fitting method,
using the lumped mass models whose natural periods are justified. As
sllovm in Fig. 16 modal damping factors are assumed first [nd response
calculation is made with the observed record at the base as an input
wave. Then calculate the transfer function of the model from the top
response and input record, and compare it with the observed one. If
they do not coincide new values should be assumed and the procedure is
repeated. Thus fitting the analytical transfer function to the observed
one modal damping factors are obtained iteratively.

The results are shown in Table 5. Damping factors of the soil
column above GL-24m are calculated using averaged spectrum of five earth
quakes. There is a remarkable trend that the damping factor decreases
in higher modes, and the value 8.5% for the first mode is quite large.

In Fig. 17 maximum response is shown. Large amplification of
accelaration and high strain in the reclaimed layer are obvious.
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For the building conventional frequency proportional damping
factors are adequate taking 1% for the first mode in X and Y direction.

6. Lun~ed Mass Model for Building-Pile-Soil System

6.1 Model Composition and Equation of Motion

Lumped mass model adopted to simulate the building-pile-soil
interaction is shown in Fig. 18. This is similar to that which
Dr. Penzien 1) originally used in 1964, b~t in some points they differs.
In the model used herein the surrounding soil within some area is treated
as real additive masses which move together with piles, and shear-type
springs are inserted between these masses. In the original model the
mass effect of the surrounding soil is considered to be virtual and
shear-type springs which connect the masses are not included. The
pressure-type spring connecting the building line and the soil line
laterally is common to both models and calculated by Mindlin's equations 2 )
as shovm in Fig. 19. In the original model the addi tive masses are also
evaluated from Mindlin's equations on the conception of energy balance,
but in the modified model they should be assumed parametrically.

The equation of motion for the modified model neglecting the
damping term is as follows:

Building Line

([~] + [MC]) ({lit} +

({Ut } ~ {Us}) = { o} 1

Mrc: Mass of Structure, MC: Addi tive Mass, K-T: Stiffness of Structure

KSE: Shear Spring between Additive Mass, KE: Interaction Spring

Ut: Displacement of Structure, Us: Displacement of Soil

Ug : Ground Motion
Soil Line

Ms : Mass of Soil Column, Ks : Spring of Soil Column

Coupled System (for undamped free vibration)

[MB] 0 j
o [Mp+Mc ] {{lit}}

-O-----=--O--+-[-M
s
-] {lis}

i{Ud} =
l{Us}

MB:

KB:

fO t .
rO)
Mass of Building, Mp: Mass of Pile

Stiffness of Building, Kp : Stiffness of Pile
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In the coupled system total masses of the soil line should be taken
enoughly larger than that of the building line in order that the soil
line is not affected by the building line.

6.2 The Volume of Additive Mass

The primary period of the coupled system was almost equal to
that of the building line vith the soil line fixed. The appropriate
volume of additive mass was obtained by changing the volume parametrically
and comparing the primary period with the observed one. As shown in
Fig. 20 the primary period becomes shorter according to the increase
of the additive mass in both X and Y directions. However the slope is
gentle and the cross point of the calculated line and the observed one
shifts sensitively if a slight error is considered. Then additive mass
ratio against the building mass was counted with wide range as 0.[ -
2 in X and 3 - 10 in Y direction, ~lich is in area ratio 0.2 - 0.6 in
X and 0.9 - 3 in Y. In Fig. 21 participation function of the coupled
system is shovn for X direction with the mass ratio of 1.0.

6.3 Damping Factor and Response Results

For this model the modal damping factor was calculated applying
spectrum-fitting method as mentioned before. First the damping factors
for the soil line were decided and then those for the building line
including the neibouring soil were obtained. Response calculation for
the coupled system was not by modal synthesis but by direct integration,
when the modal damping factors were translated into orthogonal damping
matrix. 3 )

Table 6 shovrs the obtained damping factors for two earthquakes
which have different period characteristics. The values for the soil
column above GL-12m have same tendency as mentioned before, quite large
for the first mode and lesser for higher modes. In the building line
large values are obtained for the second mode though not so large for
the first mode. The spectrum comparison and wave form comparison are
shown in Figs. 22 and 23 respectively. Fig. 24 shows the result of
response. More than 50% of base shear of the building is resisted by
the surrounding soil. The stress of pile is maximum at the top and
reduces to the bottom. Relative displacement between the building line
and the soil line is amplified in the reclai~ed layer.

SUJ'1I'1ARY

Based on the observed records in the pile supported building and
its surrounding soil dynamic characteristics of the coupled bu:lding
pile-soil system have been studied and some facts were pointed out.

1) Large amplification vas observed in the reclaimed layer.

2) Maximum acceleration at the ground surface was about 1.5 times
that of the building base on an average. But it mainly depends
on the short period elements.

- 18-



3) The ratio of the vertical acceleration to the horizontal was as
large as 61 - 13% at the deep point (GL - 24m).

4) The motion of the structure and that of the soil were nearly equal
in the deep layer (GL-12m, - 24m).

5) Base rotation and translation occupied Quite large part of the top
displacement, and elongation of the period was accordingly con
spicuous.

6) Modal damping factor of soil obtained by spectrum fitting method
had a conspicuous tendency of decrease in higher modes.
For the soil column above GL-24m they vTere G. 50%, L 85%, 1. 90% and
1.15% in the order from the first to higher-modes.

I) The damping factor of the building was freQuency proportional and
for tne first mode 1% was adeQuate.

8) The daming factor of the coupled building-pile-soil system did not
show clear tendency. For the first mode it was 2.5 - 5% but for the
second mode larger value than 10% was obtained.

9) The additive mass which moves together with piles was estimated
to be 0.1 - 2 in transverse direction and 3 - 10 in longitudinal
direction expressed in the ratio to the total mass of building.
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Table 1 Aaplification Factor from GL-24m

Position X Y Z
Building Soil B-Line S-Line B-Line S-Line B-Line S-Line
Li1\.~ Line

RF 6.19 6.64 2.43
IF soo 2.45 3.61 2.34 3.24 1.64 1.96
04 S04 1.32

I
1.68 1.70 1.72 1.55 2.20

12 812 1.09
I

1.20 1.22 1.05 1.16 1.54
24 S24 1.00 1.00 1.00 1.00 1.00 1.00

Table 2 Peak Periods in Fourier Amplitude Ratio

x y Z
Ratio 1 2 3 1 2 3 1 2 3bO

s:: RF/IF 0.24 - - 0.27 0.23 0.10 0.06 - -'M
'0 RF/04 0.27 0.14 - 0.30 0.28 0.15 0.07 - -"';<D
'M s:: RF/12 0.30 0.21 - 0.32 0.28 0.20 (0.07) - -
P'M RF/24 0.32 0.28 0.15 0.34 0.28 - 0.07 - -i=Q..:l

"';<1> SOO/S04 0.14 - - 0.14 - - - - -
'M s:: 500/512 0.21 0.12 - 0.22 0.12 - - - -o 'M 500/S24 0.14 0.33 0.20 0.14 0.28 0.088 0.07U2..:l - -

(The order ~s from h~gher to lower peak)

Table 3 Primary Periods

of the Building

Analytical Observed
X 0.12 sec 0.19 sec
y 0.23 0.24
~ 0.045 0.06

Table 4 Primary Periods
of Soil Column

Analytical Observed
GL-4m 0.12 sec 0.14 sec

-12m 0.20 0.21-0.22
-24m 0.30 0.28-0.33

Table 5 Modal Damping Ratio of Soil Column above GL-24m

1st 2nd 3rd 4th
0.085 0.0185 0.0190 0.0115

Table 6 Modal Damping Ratio of Soil Column above GL-12m

and Structure with Additive Mass

Earthq. No. 1st 2nd 3rd

X 07 0.081 0.050 0.015
r-l 14 0.050 0.048 0.020'n
0 07 0.11 0.030 0.020U2 Y 14 0.10 0.055 0.047

I <I> X 07 0.026 0.054 0.050
() H 14 0.042 0.061 0.033:::s :::s
H+' 07 0.027 0.12 0.090+' y

U2 14 0.039 0.13 0.085
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Fig.18 Model Composition

MB:Mass of Building, Mp:Mass of Pile
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3 CHARACTERISTICS OF THREE-DIMENSIONAL
GROUND MOTIONS, SAN FERNANDO EARTHQUAKE

by

Tetsuo Kubo* and Joseph Penzient

SYNOPSIS

Using the concept of' an orthogonal set of' principal axes f'or earth
quake ground motions [lJ, characteristics of' the three-dimensional motions
produced by the San Fernando, Calif'ornia, earthquake of' February 9, 1971,
are determined. These principal axes are def'ined such that the
corresponding variances of' motions have maximum, minimum, and intermediate
values and their covariances equal zero. Results of' the analyses indicate
a signif'icant correlation of' directions of' principal axes with directions
to the f'ault zone. It is concluded that three-dimensional ground motions
which are generated artif'icially can be uncorrelated statistically
provided the components are directed along principal axes.

INTRODUCTION

In the past, most analytical investigations of' the dynamic response
of' structural systems to strong earthquake motions have considered only
one component of' ground motion. It is becoming increasingly evident,
however, that the responses of' some important structural systems such as
three-dimensional piping systems, certain nuclear reactor f'acilities,
highway bridges, and earth dams are signif'icantly af'f'ected by more than
one component of'motion. While ground motion at a point has six components,
three translational and three rotational [2J, it is usually suf'f'icient to
consider only the three translational components. Obviously, because of'
the multi-component influence of ground motion on some systems, there will
be an increasing demand in the future for dynamic response analyses using
three-dimensional ground motion excitations.

A very simple approach to defining the three translational
components of motion would be to assume that certain recorded ground
motions of a past earthquake are representative of future site ground
motions. This simple approach is subject to question, however, as two
recorded accelerograms, even f'or the same site location, often have quite
dissimilar characteristics.

Recognizing that seismic waves are initiated by irregular slippage
along faults followed by numerous random reflections, refractions, and
attenuations within the complex ground formations through which they pass,

* Assistant Specialist, Earthquake Engineering Research Center, University
of California, Berkeley, and Graduate Student, University of Tokyo,
Tokyo, Japan.

t Professor of Structural Engineering, University of California, Berkeley,
Calif'ornia.
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stochastic modelling of strong ground motions is a realistic form which can
be applied in practice. Defining earthQuake inputs to a structural system
in this manner has the distinct advantage that analyses yield mean values
and variances of response consistent with the variations to be expected in
ground motion characteristics. A number of stochastic models, representing
both stationary and nonstationary random processes, have been employed.
Some of these models have been extended to mUlti-components of motion [1,3].

Representative stochastic models for earthQuake ground motions could
be established directly by statistical analyses if unlimited data were
available. Unfortunately, strong motion data in the form of
accelerograms are Quite limited. Therefore, one is forced to hypothesize
model forms, and to use the available strong motion data primarily in
checking the appropriateness of these forms. One such model, commonly
used in its one-dimensional form [4,5], defines ground accelerations at a
point along three orthogonal coordinate axes (usually two being horizontal
and one vertical) through the relations

a (t) = S (t) b'(t)
x x x

a (t) = z.; (t) b'(t)
y y Y

a (t)
z

s (t) b' (t)
z z

where b'(t), b'(t), and b;(t) are stationary random processes and
z.;x(t) , z.;yft) , ana sz(t) are deterministic intensity functions giving
appropriate nonstationarity to their respective ground motion processes.

The use of EQs.(l) reQuires that the intensity functions be obtained
by statistical analyses of real accelerograms and that realistic power
spectral density functions, or corresponding autocorrelation functions, be
established by similar means for processes b~(t), by(t) and b~(t). The
Question which immediately arises when extending the use of EQs. (1) to
the two- and three-dimensional forms is "Should the components of motions
be cross correlated statistically?". If so, one must establish
appropriate cross-spectral density functions or corresponding cross
correlation functions.

In a previous paper, it was suggested that the stochastic model [1]

a (t) = s;(t) b (t)
x x

a (t) = s;(t) b (t) (2)
y Y

a (t) = s;(t) b (t)
z z

be used. This model represents an approximation to that defined by EQs. (1)
in that it assumes intensity functions z.;x(t) , Sy(t), and z.;z(t) vary
with time in identically the same manner even though they may have different
magnitudes, i.e. any two of these intensity functions differ from each
other by a fixed constant only. Thus stationary processes bx(t), by(t)
and bz(t) differ from b~(t), by(t) and b~(t), respectively, by a
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corresponding set of constants. Principal axes exist for this model along
which the components of ground motion have maximum, minimum, and intermediate
values of variance and have zero values of covariance. This property
suggests that components of motion generated in accordance with EQs. (2)
need not be cross correlated provided the x, y and z axes are treated as
principal axes. It is the purpose of this paper to provide additional
evidence in support of this suggestion as obtained from a study of
accelerograms recorded during the San Fernando, California, earthQuake.

CHARACTERISTICS OF GROUND MOTION HAVING FIXED PRINCIPAL AXES

Suppose ax(t), ay(t), and az(t) shown in EQs. (2) represent the
components of ground motion at point 0 along an arbitrary set of
orthogonal axes x, y and z, respectively. Considering recorded earthQuake
motions, these components would normally represent accelerations measured
along the instrument axes of accelerometers. For purpose of discussion
here, however, these motions could eQually well represent velocities or
displacements.

If ax(t), ay(t) and az(t) of EQs. (2) are considered to be zero
mean processes, covariance functions defined by

E[b.(t) b.(t + T)] i,j = x,y,z
l J

where E denotes ensemble average, can be used to characterize the complete
ground motion process. If this process is Gaussian, these covariance
functions completely characterize the process in a probabilistic sense [6].

Since random processes bx(t), by(t) and bz(t) are stationary, all
ensemble averages on the right hand side of EQs. (3) are independent of
time t; therefore, showing dependence only upon the time difference T.

Since real earthQuake accelerograms can be approximately represented by
shot noise [7], they demonstrate a very rapid loss in correlation with
increasing values of T. Therefore, the influence of coordinate directions
on the covariance functions can be investigated using the relations.

E[a.(t) a.(t)]
l J

i,j = x,y,z (4)

Adopting matrix notation, EQs. (4) can be written in the more compact form

where

B..
lJ

= E[a.(t) a.(t)]
l J

= E[b.(t) b.(t)]
l J

(6)

Note that because random processes bx(t), by(t) and bz(t) are
stationary, all nine coefficients in matrix B are time invariant.
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If the components of ground motion at point 0 are transformed from
coordinate system x, y, z to a new orthogonal coordinate system x' , y',
Zl through the relation

a ,( t)
x

a ,( t)
y

a , (t)
z

a (t)
x

= a a (t) (8)y

a (t)
z

where the transformation matrix a satisfies the condition

T
a a = ~ (identity matrix)

relations identical to Eqs. (5)-(7) can be written for the new coordinate
system with

BI
T= a B a

T
a S a (11)

~his transformation of ground motion is identical to the transformation of
z three-dimensional state of stress; therefore, it is apparent that a set
'J ' principal axes exist along which the component variances of motion have
mcximum, minimum, and intermediate values. The directions of these
pr;ncipal axes are found in exactly the same manner as locating the
ji:~ctions of principal stresses, i.e. by obtaining the eigen value
~o:t"'\ulation. The resulting three vectors define the principal transformation
~~atrjX P; thus, permitting the components of ground motion along principal
~xes, 1,-2, 3 to be given by

w.c1ere

= P

a (t)
x

a (t)
y

a (t)
z

(13)

Gle corresponding covariance matrix for ground motion becomes

= = =

(311

o

o

o

1322

o

o

o
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A procedure similar to that above can be used to determine the
coordinate transformations which yield maximum covariances of groQ~d motion.
When transforming from principal axes 1, 2, 3, this procedure leads to the
following orthogonal transformation matrices.

~1 =

±1l/2 0

o ±l

±1l)2

o
±l

o

o

o 0

±11/2 ±11/2

+11/2 ±11/2

~3 =

i±1i72
l ±~1/2

±11/2

+11/2

o

Substituting Eqs. (15) separately into the relation

gives maximum covariances equal to ± 1/2[~11(t)-~33(t)], ± 1/2[~22(t)-~33(t)],
and ± 1/2[~11(t)-~22(t)] where ~ii = s(t)2 Sii (i=1,2,3).The corresponding
variances are ±1/2[~11 + ~33(t)], ± 1/2[~22(t) + ~33(t)], and
± 1/2[~11(t) + ~22(t)], respectively.

Fortunately in practice, stationary processes bx(t), by(t), and
bz(t) can often be considered as ergodic processes in which case the
covariances can be obtained by time averaging over any single member of
the ensemble, say the r th member. In this case Bij as defined by Eqs. (7)
can be obtained using the relation

<b. (t)
lr

b. (t) >
Jr

i,j
r

= x,y,z
1,2,3, ...

where the triangular brackets denote time average.

CHARACTERISTICS OF GROUND MOTIONS FROM MOVING-WINDOW M~ALYSIS

In a previous paper [1], variances and covariances of recorded ground
motions were obtained for successive time intervals using the relation

~ij
<[a.(t)

l

- 1a. J

J
(18)

in which the time average is taken over the interval tl<t<t2 but where the
mean values ai and aj are found by averaging ai(t) and aj(t) over
the entire duration of motion. Locations of principal axes and magnitudes
of corresponding variances were obtained for earthquake motions recorded
at three stations in California and three stations in Japan.
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In the present paper, variances and covariances are obtained as
continuous functions of time to using the so-called "moving-window"
technique, i.e. using the relation

11. .(t ,lit)
lJ 0

= <Ca. (t) - a.J [a.(t) - a.] >
l l.l J

t
o

t
o

+ lit
2

lit
2

where the time average is taken over the interval lit centered on time
t [8J. As the value of lit is taken shorter and shorter, increased
f~uctuations in ~ij(to,lIt) and the corresponding directions of principal
axes will, of course, occur. In fact, as lIt+O. the major principal axis
of ground motion coincides with the instantaneous resultant acceleration
vector which changes its direction rapidly in a random fashion over the
entire sphere of space. Therefore, lit should be taken sufficiently long
so that the higher frequency fluctuations are essentially removed. In the
present investigation, lit is taken as five seconds and all time averages
are evaluated for discrete values of to spaced one-half second apart.

Having obtained all nine covariance functions for the recorded components
of motion in accordance with Eq. (19), the corresponding time dependent
directions of principal axes can be obtained; thus, giving the principal
transformation matrix P as a function of time to' i.e. P = p(to )' This
time dependent transformation matrix then allows one to obtain the principal
components of motion al(t), a2(t), and a3(t), and their corresponding
variances 01 2(to )' 02 2 (to )' and 03 2 (to )' If the intensity functions of all
recorded components of motion vary with time in the same manner, i.e. satisfy
Eqs. (2), any two of these variance functions differ from each other by a
fixed constant only in which case the directions of principal axes are time
invariant.

The above described moving-window technique, as
domain, can also be applied in the frequency domain.
variances and covariances are obtained as continuous
f o using the relation

applied in the time
In this case, the

functions of frequency

= <[ _f

J
.o+ ~f

~ .. (f ,lIf)
lJ 0

-f _ lIf
o 2

A.(2~if)e2~ift df +
l

A.(2~if)e2~ift df +
J

f + M

o 2 JI Ai (2~if)e2~ift df •

f _ M
o 2

f + M ]o 2! A
j
(2~if)e2~ift df >

f _ M
o 2

T
(20)

o

where A. (2~if) =
l

T

J
o

a. (t)e-2~ift dt
l
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and where T e<1uals the total duratioi1 of ground motion. This formulation
allows one to investigate the directions of principal axes, variances,
covariances, etc. associated with only those frequencies of ground motion
in the range (fo - ~f/2) < f < (fo + ~f/2). Hopefully, this approach can
be used to reveal certain characteristic features of the various types of
seismic waves associated with strong ground motions.

RESULTS OF MOVING-WINDOW ANALYSIS

The time domain moving-window analysis described above has been applied
to the ground motions recorded at numerous stations during the San
Fernando earthquake of February 9, 1971.

Directions of principal axes and the corresponding principal
variances are obtained as functions of time to using 6t equal to five
seconds. The direction of each principal axis is given by angles ¢ and
e as shown in Fig. 1. Angle ¢ is the declination of the principal axis
from the vertical axis through point 0; thus, its value falls in the range
o s ¢ s 90° . Angle e is measured from the North axis to the projection
of the northerly extension of the principal axis on a horizontal plane
containing point O. By this definition, e lies in the range -90° < e s: +90° .
The angle eE in Fig. 1 represents the horizontal direction of an axis
passing through the instrument location (point 0) and the reported
epicenter. Since this angle is measured similar to angle e, it also lies
in the range -90 < eE s +90°. Length OA in Fig. 1 represents magnitude
of the variance of principal ground motion. The square root of this
<1uantity (sigma) can be used to represent the intensity function of the
corresponding nonstationary process [9].

Direction angles ¢(phi) and e(theta) and the square root of the
variance (sigma) have been obtained as functions of to(time) for the
major, minor, and intermediate principal axes of the ground motions recorded
at numerous stations. The results for stations Nos. 241, 264, 475, 287, and
103 are shown in Figs. 2-6, respectively. The solid, short-dashed, and
intermediate-dashed curves in these figures represent the major, minor,
and intermediate axes, respectively, and the horizontal long-dashed
straight lines represent the directions eE to the reported epicenter.
The site locations of these particular stations are shown in Figs. 7 and 8
and certain data associated with each are given in Table 1. It should be
noted from the definition of e that as the horizontal direction of a
principal axis rotates in a continuous manner through the East-West
direction, the value of e changes instantaneously by 180°, i.e. changes
from +90° to -90° or from -90° to +90° depending upon whether the
horizontal projection of the principal axis is rotating clockwise or
counterclockwise. This explains the sudden jumps which appear in the
functions of 8 which take place over single spacings of the prescribed
discrete values of to' namely over one-half second spacings.

Although the functions shown in Figs. 2-6 have numerous unexplainable
features, certain correlations should be noted as follows:

(1) Usually during the early period of low intensity motion, either
the major or the intermediate principal axis is nearly vertical
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but later shifts towards a horizontal position with the minor
principal axis taking the vertical positon.

(2) Following the shift of the major principal axis towards a
horizontal position, the horizontal directions of the major and
intermediate axes are sometimes suddenly interchanged.

(3) After the major and intermediate axes have moved to their nearly
horizontal positions, it is common for the minor and intermediate
axes to have approximately the same horizontal directional angles
e over large time intervals.

(4) For motions measured in many high rise buildings, some of the
more common correlative features of motion related to principal
axes are eliminated due to soil-structure interaction.

(5) Usually during the periods of high intensity motions, the horizontal
direction of either the major or the intermediate principal
axis is towards the fault zone.

Further studies are required to explain the physical phenomena associated
with these correlations. Hopefully they can be related to the various
types of seismic waves producing the motions.

Figures 7, 8 and 9 are maps of areas in southern California showing
the horizontal directions of the major and intermediate principal axes
during the periods of high intensity motions at numerous recording stations,
including stations Nos. 241, 264, 475, 287, and 103. The map in Fig. 8 is
an enlargement of the small rectangular area in Fig. 7 showing the extended
Los Angeles and San Fernando regions. Similarly,the map in Fig. 9 is an
enlargement of the small rectangular area in Fig. 8 showing the cities of
Los Angeles, Hollywood, and Beverly Hills. While the correlation is not
strong, there is a tendency of the directions of the major principal axis
or, in some cases, the intermediate axis to point in the general direction
of the fault slip zone as shewn in Fig. 8 [10] which is also the general
direction towards the previously reported locations of surface fault
traces south of the epicenter [11]. One can speculate that this direction
coincides with the direction to maximum energy release in the fault zone.
Obviously, the closeness of the recording stations to the fault slip zone,
local geological conditions and soil-structure interaction effects weaken
this correlation in the case of motions produced by the San Fernando
earthquake. It should be pointed out that the horizontal directions of
major and intermediate axes obtained from time averaging over the entire
durations of motions are quite similar to those shown in Figs. 7, 8, and 9.

CONCLUDING REMARKS

Examination of ground motions recorded during the San Fernando
earthquake of February 9, 1971, reveals a correlation between the
horizontal directions of the major and intermediate principal axes and
the directions from the recording stations to the fault slip zone. While
in this case there is a definite tendency for one of these principal axes,
most often the major axis, to line up with direction to the fault slip zone,
the correlation is not as strong as previously reported for ground motions
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produced by other earth(luakes [IJ. Several possible reasons exist for this
weaker correlation: (1) clos.eness of the recording stat:Lons to the fault slip
zone, (2) local geologic conditions, and (3) soil-structure interaction.

In view of the existance of the above correlation, it :Ls believed
that the stochastic three-dimensional ground motion model defined by
E(ls. (2) is reasonable for practical use at this time. The components of
motion generated from this model need not be correlated statistically;
however, the uncorrelated components should be directed along a set of
principal axes. If the decision is made that the radial motions are to be
higher intensity than the transverse motions, then the major principal
axis should be directed towards the most probable epicenter location and
the minor axis should be directed vertically. Unfortunately, evidence in
support of this decision is weak. Therefore, one may decide to use the
same intensity in both the radial and transverse directions in which case
the major and intermediate axes are interchangeable. The uncorrelated
components can, of course, be transformed to principal axes of structural
systems for use in dynamic analyses.

It is (luite apparent that further investigations are needed, using
both the time domain and fre(luency domain moving-window analysis techni(lue,
to estabish better definitions of the fre(luency contents of expected ground
motions and better descriptions of the intensity functions to be used in
three-coordinate directions. The results of such analyses should be
interpreted with full consideration given to the contributions of the
various types of seismic waves present in the ground motions.
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TABLE 1
Accelerograph Site Information [12]

Station Station Positive Peak Approximate Direction to Building Geology
No Location Directions of Accelerations Distance to Epicenter Structural

Recorded (gal) Epicenter (degree) Type
Accelerograph (km)

241 Los Angeles NOOW -250.0 21 19 7-story Alluvium
8244 S90W -131. 7 RC Building

Orion Blvd. DOWN 167.5
1st Floor

264 Pasadena NOOE -198.0 38 -40 9-story Approx.
Millikan N90E -181.6 RC Building 1,000 of
Library DOWN - 91.2 Alluvium
Basement upon
CALTECH Granite

475 Pasadena NOOE 93.5 38 -41 2-story Approx.
Athenaeum N90E -107.3 RC Building 1,000 of
CALTECH DOWN - 92.9 Alluvium

upon
Granite

287 Upland N15E - 55.7 71 -68 Earthfill Shallow
San Antonio N75W 75.9 Dam Layer of
Dam Crest DOWN - 28.3 Alluvium

over
Granitics

103 Anza Post N45E - 25.6 184 -60 Small Alluvium
Office N45W - 35.4 Building
Storage DOWN 14.0
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4 INELASTIC CYCLIC BEHAVIOR OF REINFORCED CONCRETE FLEXURAL MEMBERS

by
t ++J. Penzien*, V. Bertero , B. Atalay

SYNOPSIS

Presented is a brief summary of the findings obtained in four series
of tests on doubly reinforced concrete members. These tests were designed
to obtain basic information on the members' force-deformation and failure
characteristics under large-deformation reversed cyclic loading conditions.
Specifically, the four series of tests were carried out to study (1) the
flexural hysteretic behavior of critical regions under pseudo-static con
ditions, (2) the effect of rate of loading on the flexural hysteretic
behavior, (3) the effect of shear on the flexural hysteretic behavior,
and (4) the effect of axial force on the flexural hysteretic behavior.

I. INTRODUCTION

The general philosophy of earthquake resistant design has been well
established in the United States, namely, (1) to prevent any type of damage
under minor earthquake conditions, (2) to allow only minor damage under
moderate earthquake conditions, and (3) to avoid total damage or complete
failure under severe earthquake conditions. Except for very important
structures which must remain functional under extreme earthquake conditions,
economic considerations demand that the large seismic energy inputs to a
building be absorbed through controlled inelastic deformations.

To achieve a large energy absorption capacity (often described using
the term " ductility"), the potential sources of brittle structural failure
must be eliminated. It is necessary, therefore, to prevent premature
crushing and shear of the concrete, sudden cracking of the concrete causing
simultaneous fracturing of the steel (as in the case of members with ex
tremely low reinforcement ratios), sudden loss of bond and anchorage, and
crushing and/or splitting of the concrete cover accompanied by local
buckling of the main reinforcement. Although some of these potential
sources of failure are automatically controlled by satisfying present code
provisions [1,2J, others continue to cause serious problems. Among the
latter, local shear and anchorage failures are the most troublesome.

Present shear and bond seismic code provisions are based on experi
mental results obtained under pseudo-static monotonic loading conditions.
It has been observed, however, that the basic behavior of shear and bond
can be quite different under reversed cyclic conditions similar to those
produced by severe earthquakes. In this case, members and frames undergo
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appreciable degradations of stiffness and strength; thus, greatly reducing
their energy absorption capacities per cycle of deformation.

Considering a reinforced concrete frame as shown in Fig. 1, localized
inelastic deformations occur at certain overstressed regions designated as
critical regions. These critical regions can be classified according to
the internal force components controlling their behavior as follows:
(1) Moment - These regions have moment as the only important force compo
nent. They are usually located in the girders of the top stories of a
building as indicated by regions Nos. 1, 2, and 3 in Fig. 1; however, they
may also occur in the columns of the upper stories of a frame building.
Region No. 1 can experience reversals of loading due to the vertical accel
erations of ground motions. (2) Moment with High Shear - These regions,
having high shear and moment, are located at the ends of short girders
located in the lower stories of medium or high rise buildings; see regions
Nos. 2 and 3 in Fig. 1 (3) Moment with High Shear and Axial Force -
These regions have relatively high axial forces as well as moment and high
shear and are usually located at the ends of columns as indicated by
regions Nos. 4, 5, 6 and 7 in Fig. 1. (4) Axial Force and Shear - These
regions are located within joints as indicated by regions Nos. 2 and 8 in
Fig. 1.

In view of the above types of critical regions, four series of tests
were conducted on doubly reinforced concrete members to study (1) the
flexural hysteretic behavior of critical regions under pseudo-static
conditions, (2) the effect of rate of loading on the flexural hysteretic
behavior, (3) the effect of shear on the flexural hysteretic behavior,
and (4) the effect of axial force on the flexural hysteretic behavior.
In the following sections of this paper, these tests are briefly described
and selected test data are presented and interpreted.

II. FLEXURAL HYSTERETIC BEHAVIOR UNDER PSEUDO-STATIC CONDITIONS [3J

A. OBJECTIVES

Results obtained in a series of tests on reinforced concrete frames
carried out at the University of California, Berkeley, since 1959 as well
as detailed analyses of results obtained by other investigators [4, 5, 6J
indicate that the behavior of reinforced concrete flexural members under
reversed cyclic conditions, similar to those expected in the members of
buildings undergoing strong earthquake excitations, is quite different from
the behavior represented by certain mathematical models often adopted for
analytical studies, e.g. the elasto-perfectly plastic model. As pointed
out previously, available data show there is significant degradation of
stiffness and energy absorption per cycle as oscillatory inelastic defor
mation continues.

Analytical methods for predicting such deterioration were suggested
by Bertero and Bresler some years ago [4J; however, the validity of these
methods could not be verified at that time due to lack of experimental
evidence. It was decided therefore to conduct the four series of tests
described herein starting with quasi-static tests of critical regions
under flexure. A detailed description of this particular test series
follows immediately.
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B. TEST FRAME AND LOADING SYSTEM

A schematic view of the test frame and loading system used in this test
series is shown in Fig. 2. The test specimen is simply supported with con
centrated quasi-static loads being applied at the third-points by a double
acting jack. This jack can operate under either load or displacement control.

C. TEST SPECIMENS

The type of test specimen used in this series of tests is shown in Fig.
3. It consists of a 13'-2" long beam having a 9"x15" cross-section with
two No. 7 bars in the bottom and two No. 7 bars in the top. The reinforcement
bars consisted of deformed bars of intermediate grade steel conforming to
ASTM designation A15 (grade 40). The concrete mix was designed to have a
compressive strength of 4000 psi in 28 days.

As a result of the symmetrical loading condition, the central 4 ft.
region of each specimen was subjected to pure flexure. In this region, the
web reinforcement consisted of No.2 welded ties having 6 in. spacings. In
each 4 ft. end region, which was subjected to constant shear and linear
variation of moment, the web reinforcement consisted of No.3 bars having
similar 6 in. spacings. It should be noted that this spacing does not
satisfy either the ACI or UBC code provisions for ductile moment resisting
frames. These provisions call for a maximum spacing of d/4 in regions
where inelastic deformations are expected to occur. Also, it should be
noted that the percentage (p) of main reinforcing steel equals 0.9; there
fore, the specimen is obviously under-reinforced.

D. SEQUENCE OF LOADING

Since the inelastic behavior of a specimen is loading (or deformation)
path-dependent, the selection of a proper loading and/or deformation
sequence is of primary importance. Because one of the main objectives of
the first series of tests was to obtain data regarding the main parameters
controlling degradations in the critical regions, a different loading
sequence was used for each specimen. Figure 4 illustrates the loading
sequence used in testing specimen No.4. The results of this test will be
discussed subsequently.

E. RESULTS OF TESTS

In spite of the fact the spacings of ties used at the critical regions
did not satisfy the existing code provisions for ductile moment-resisting
frames, the ductility factors and energy absorption capacities developed by
each test specimen reached values in excess of those required of such mem
bers under extreme earthquake conditions. The photograph in Fig. 5 illus
trates the very high ductility achieved during the testing of one specimen.
Further evidence of this fact is provided in Fig. 6 by the hysteretic load
deflection relation for specimen No. 4 when subjected to the loading se
quence shown in Fig. h.

In discussing and evaluating the results of this test series, it should
be recognized that inelastic deformations occurred in two different types of
regions (1) the complete central region subjected to pure flexure, and (2)
the end regions immediately adjacent to the third-point loads where maximum
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bending occurs with shear.
regions produced a maximum
2.6 If' .

c

The maximum value of shear attained in the end
nominal unit shear stress, v

u
' of about

From an analysis of the moment-strain, moment-average curvature, and
moment-deflection curves, it was clear that when the critical regions were
subjected to repeated loadings without reversals at approximately the same
peak values of loads, the flexural stiffnesses were affected very little,
although there was some accumulation of permanent strains, curvatures, and
deformations. On the other hand, as soon as reversals of loading were
introduced, even if below the maximum load level required to induce yielding,
there was an observed reduction in the initial stiffness with each successive
cycle. This reduction increased with magnitude of load reversal.

After the first yielding of the beam in each of the two loading
directions, the ultimate moment capacity did not increase over many cycles
of loading in spite of the fact the maximum deformation was increasing
with successive cycles. The main reason for the occurrence of increasing
maximum deformation with successive cycles was that, due to bond deteriora
tion adjacent to cracked sections, yielding of the tensile reinforcement
under constant stress occurred over longer and longer segments of the bars
at the locations of the cracked sections.

Only when the main reinforcement was strained into its strain harden
ing range was an increase in moment resistance detected. From the moment
deflection curve shown in Fig. 6, it can be seen that after the first
yielding of the steel, the deflection increased more than three times
(from 0.4" to 1.4") before any significant increase was noted in the
ultimate moment resistance. However, due to strain hardening of the steel,
the beam was able to resist a load P equal to 20 kips when deflected up
wards to a maximum value of about 8.4 inches (cycle 43), i.e. about 21
times the deflection at first yielding. This stage was reached without any
sign of physical failure (fracture) or drop in the beam's resistance.
Furthermore, when this maximum load of 20 kips vlaS ,reached there was no
visible crushing of the concrete which might at first be surprising because
results of tests using monotonically increasing loads indicate that
crushing of the concrete should have occurred at a lower load level. This
apparent contradiction is associated with yielding of the bottom steel and
closing of cracks in the concrete. During load reversals, the cracks which
earlier developed at the bottom of the beam would not close until con
siderable moment had been applied to the section. Therefore, the upper
concrete started to strain under compression late in the cycle; con
sequently, the maximum strain induced for a given load had to be smaller
than the corresponding strain which would have been induced had the con
crete gone into compression immediately upon application of the load. Thus,
it can be concluded that the application of load reversals to doubly
reinforced concrete regions which induces yielding in the top as well as
the bottom steel results in greater strength and ductility of the region.
If beam No.4 had been loaded upwards monotonically, a very sharp fall in
resistance would have been observed at a load P of about 15.8 kips due
to crushing of the top concrete. The actual failure (i.e. sharp drop in
internal resistance) of beam No.4 under reversed cyclic conditions
occurred as a consequence of bond deterioration and splitting of concrete
along the top longitudinal reinforcing bars which permitted buckling of
these bars under downward loading in cycle 43.
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It should be noted that when beam No. 4 was loaded up to its maximum
value of 20 kips, the stress in the top steel was estimated to be near its
ultimate strength value of 83 ksi; therefore, from the point of view of
strength, this beam performed in an ideal manner.

E. CONCLUDING REMARKS

From an evaluation of the results obtained in this series of tests, it
has been concluded that members of this type perform as follows:

1. No significant deterioration occurs at the critical regions when
sUbjected to repeated moments acting in the same direction and
having peak values at the working service level.

2. When subjected to repeated moments under complete reversal con
ditions, the instantaneous stiffness of critical regions is
reduced with each successive cycle provided the peak moment or
corresponding deformation continues to increase gradually with
each successive cycle. On the other hand, the ultimate strength,
curvature, ductility factor, and energy absorption are increased
with this type of loading.

3. The behavior of the critical regions under reversed cyclic loading
beyond initial yielding is controlled by the mechanical char
acteristics of the steel. Changes in these characteristics result
from bond deterioration which takes place between the main cracks
as the reversed moments increase in nlli~ber and in magnitude. To
analytically predict such behavior would require knowledge of the
actual longitudinal strain distributions in the steel and complete
knowledge of the stress-strain relations under histories of
deformation similar to those in the critical regions of the member.
The Bauschinger effect also becomes an important factor influencing
deterioration of stiffness.

4. In spite of the fact the size and spacing of ties (No. 3 bars at
6" c-c) used in the critical regions did not satisfy the existing
recommendations for ductile moment-resisting space frames, the
ductility factors and energy absorption capacity developed by each
specimen exceeded those values normally required in seismic
resistant design. Therefore, the present code requirement that
tie spacings in the critical regions satisfy s < d/4 could be
relaxed when the nominal shear stress v ~ 2.6 1fI.

u max. c

III. EFFECT OF RATE OF LOADING ON FLEXURAL HYSTERETIC BEHAVIOR [7]

A. OBJECTIVES

It has been recognized for many years that the behavior of materials
under dynamic loading differs from their behavior under quasi-static load
ing [8]. The stress-strain relationship,can be altered by an increase in
rate of strain and this increase can modify the mode of failure leading to
increased probability of fracture. In spite of these unknown effects, most
structural designs are based on test results obtained from quasi-static
experiments.
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Although some investigations have been conducted on model structures
using harmonic and simulated earthquake excitations, with time factors in
tlv1uced to speed up the scaled excitations, no significant attempt had
bper made to isolate the rate of loading effects in reinforced concrete
structures under seismic conditions. Ifhile in some cases the rate of
loading had been referred to Qualitatively to explain certain descrepancies
between analytical predictions and measured responses, these descrepancies
were sufficiently small so that the rate of loading was assumed to have a
small effect on load-deformation characteristics.

At the beginning of the general investigation reported herein, un
certainties existed as to the actual effect of rate of loading on rein
forced concrete structures; therefore, it was decided to study the hysteretic
behavior of the different critical regions previously defined using two
different rates of straining (loading). First, tests would be conducted
under Quasi-static conditions and, secondly, similar tests would be con
ducted under a much higher rate of straining corresponding to realistic
rates experienced by similar members in buildings when subjected to high
intensity earthquake excitations. Consequently, those tests previously
describel for Quasi-static conditions were repeated using a high rate of
loading iesigned to represent realistic earthquake conditions.

B. TESTING FRAME AND DYNAMIC LOADING SYSTEM

The testing frame and dynamic loading system used for this test series
is shown in Fig. 7. This system is basically similar to that used for the
Quasi-static tests except the loading system consisted of two independently
controlled hydraulic actuators operating in parallel. Each actuator was
controlled by a closed-loop feedback system which allowed either load or
displacement control. In these tests, a command signal representing
displacement was fed simultaneously to both actuators from a low frequency
function generator. The highest displacement velocity permitted by the
system was 10 in/sec. Investigation of the effects of displacement
reversals was carried out using sinusoidal displacement functions.

C. TEST SPECIMENS

The type of specimen selected for this series of tests was identical
to that used in the Quasi-static test series, i.e. the specimen shown in
Fig. 3. Also, the concrete was of a similar mix and the reinforcing steel
was the same grade. Stress-strain relationships were obtained for the
steel under tension using strain rates of 50, 5,000, and 50,000 V in/in/sec.
The main effect of the higher strain rates was to increase the yield
strength. The maximum increase observed under 50,000 V in/in/sec. was 28
percent. Concrete cylinders were also tested under similar rates of strain.
The effects of the higher strain rates was to increase the stiffness and
compressive strength of this material. The compressive strength showed an
increase of about 20 percent going from the 50 to the 50,000 V in/in/sec.
strain rate.

D. SEQUENCE OF LOADING

The sequence of loading was selected specifically to evaluate strain
rate effects rather than to simuI~te response to any realistic dynamic
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excitation. Two actuator displacement velocities were used, namely, 0.1
and 10 in/sec. Pairs of beams were subjected to similar displacement
histories using first one velocity and then changing to the other; however,
the order of these velocities were interchanged from one displacement
history to the other. Each beam was forced downward to a specified
displacement and then back to its original undeformed position at one
velocity. This cycle was repeated until the beam's behavior stabilized.
The same cycles were then repeated but at the second velocity. Immediately
following this second series of cycles the original displacement rate was
again imposed. Finally, full reversals of displacements were applied using
both velocity rates.

E. RESULTS OF TESTS

For the purpose of this paper, it is sufficient to describe the results
of only two tests in this series. Beam 1 was loaded under full reversal
conditions to amplitudes of ± 5 inches at the displacement rate of 0.1
in/sec. Beam 2 was loaded similarly except at the displacement rate of 10
in/sec. The force-displacement relationships for these two tests over the
first loading cycle are shown in Fig. 8a where the differences caused by
changing the strain rate can be observed. Figure 8b shows the complete
load-displacement history for Beam 1.

Results of these tests indicate that because of the increased stiffness
of concrete at high strain rates the dynamic secant stiffness at first
yielding was typically about 10 percent higher for the 10 in/sec displace
ment rate over the 0.1 in/sec. (quasi-static) rate; see Fig. 8a. Regarding
the effects of increased rate of straining on the strengths at different
limiting states of behavior, it was observed that (1) the cracking strength
was increased about 25 percent, (2) the initial yielding strengths in the
positive and negative directions of the first cycle were about 22 percent
greater than the corresponding values under quasi-static conditions, and
(3) the ultimate strengths were not noticeably affected.

While the mode of failure was not affected by strain rate, the deforma
tion ductility factors were slightly smaller at the higher strain rate. The
main reason for this decrease in observed ductility factor was that the
yield deformation was increased by the higher strain rate. The overall
energy absorption capacity was little affected by rate of loading even
though there was a slight increase in energy absorption for the higher
strain rate during the first cycle of deformation.

F. CONCLUDING REMARKS

The principal effect which an increase in strain rate has on the
hysteretic behavior of flexural critical regions is to increase the moment
capacity at first yielding of the reinforcement. Although it may be
conservative to neglect this effect for regions under pure flexure (or
flexure and small shear), it could possibly not be so for regions under
high shear and/or high axial force.
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IV. EFFECT OF SHEAR ON FLEXURAL HYSTERETIC BEHAVIOR [9 ]

A. OBJECTIVES

Stiff flexural members with short spans are freQuently used in rein
forced concrete frame construction. For example, in low-rise buildings,
the columns have relatively low axial loads but may have fairly high moments
due to frame action caused by dead and live loads including seismic loads.
Also in the case of medium and high rise buildings it may be decided to
increase the stiffness and strength of the girders to control both lateral
drift and lateral resistance. Should this be done, it could lead to
flexural members having shear span to depth ratios lower than desirable.

Upon completion of the two series of tests previously described, it
was noted that the amount of data available to indicate the effect of shear
on flexural hysteretic behavior was very limited [8]. Because of this
scarcity of data and because of indications that the presence of shear could
have a degrading effect on flexural stiffness, strength, and ductility, it
was decided to carry out a third series of tests having the following
objectives (1) to study the effect of shear on the hysteretic behavior of
flexural regions such as regions Nos. 2 and 3 shown in Fig. 1, (2) to
investigate the effect of rate of loading on the hysteretic behavior of
flexure regions having high shear, and (3) to study how the hysteretic
behavior of flexure regions having high shear are affected by amount of
web reinforcement.

B. TESTING FRAME AND DYNAMIC LOADING SYSTEM

The frame and dynamic loading system used for this series of tests was
essentially the same as that described previously for the second series
(Fig. I), except that only one hydraulic actuator was used; see Fig. 9.

C. TEST SPECIMENS

Ten of the twelve specimens tested in this series had a 9" x 15" cross
section and were reinforced longitudinally with four No. I bars (p = 1.03%)
as shown in Fig. 10. The theoretical flexural capacity of this section is
about 150 kip inches. The lengths of the side spans of the specimen
(indicated by "a" in Fig. 10) were varied resulting in shear span to depth
ratios a/d in the range 5.10 to 2.31. The web reinforcement consisted of
No.3 bars having uniform spacings (s) of 3.25 inches (which satisfies the
ACI and DEC provision s = d/4) and 6 inches.

The main reinforcement steel was grade 40 having actual yield strength
that varied from 50.1 to 52.4 ksi and having maximum tensile strengths of
about 80 ksi. The concrete mix was designed for a 28 day compressive
strength eQual to 4000 psi. The actual compressive strength at time of
testing ranged from 4060 psi to 41 50 psi.

D. LOADING SEQUENCE

The specimens were cyclicly loaded with full reversals using a pre
scribed triangularly shaped displacement time-history. The amplitude of
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displacement was increased after every four cycles. The 12 specimens
tested were classified into 6 groups each having 2 identical specimens.
One specimen in each group was tested using a displacement velocity of 0.1
in/sec. while the other was tested using a displacement velocity of 6 in/sec.

E. RESULTS OF TESTS

Only typical results will be presented herein. The photograph in Fig.
11 shows a specimen with aid = 2.31 after having been tested. The crack
pattern demonstrates that failure in this case was due to combined flexure
and shear. The hysteretic load-deflection diagrams obtained from tests on
a pair of specimens having aid = 3.70 and s = 3.25 are shown in Figs. 12a
and 12b representing displacement velocities of 0.1 in/sec and 6 in/sec,
respectively. A comparison of these results indicates an appreciable in
crease in resistance during the first cycle of loading due to the increase
in loading rate. No significant increase is noted for the subseQuent cycles
of loading. The load-deflection diagram given in Fig. 13 is for a similar
specimen except that the aid ratio was 2.31; therefore, comparing these
results with those shown in Fig. 12a indicates the influence of higher shear
on the hysteretic behavior of flexure critical regions. Notice that the
presence of high shear produces a "pinched" shape to the hysteresis loops;
thus, causing a reduction in energy absorption capacity.

F. CONCLUDING REMARKS

From the results of this series of tests, it has been observed that
members of this type demonstrate the following characteristic behavior.

1. Increasing rate of loading has no significant effect on the
hysteretic force-deflection relation except during the first cycle
into the inelastic range when an increase in yield strength by as
much as 20 percent can be realized. Although this increase in
yield strength produces a corresponding increase in shear at the
critical region, it is not detrimental because at first yielding
the cracks which develop are small and conseQuently aggregate
interlocking is still very effective in resisting shear. Therefore,
it can be concluded that effect of rate of loading on the influence
of shear on the flexural behavior of critical regions can be
ignored provided v < 3.75 1fT. This implies that future studies
of these regions un~er similarcconditions can be carried out using
results from Quasi-static tests.

2. Decreasing the shear span to depth ratio causes a deterioration in
the initial loading stiffness with successive cycles (pinching
effect); conseQuently, cau3ing a degradation of energy absorption.
Eventhough the maximum nominal shear stress developed was 3.75 1fT,
which is well below 10 If' allowed by codes, the hysteretic looB
areas were less than 65 ana 55 percent of the elasto-plastic Ramberg
Osgood and the Clough stiffness degradi~g loops, respectively. In
creasing shear on the critical section causes a corresponding in
crease in degradation of ultimate strength with repetitive cycles
having the same amplitudes. Obviously, shear effects should be
included in mathematical modelling of critical regions.
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3. For flexural critical regions where v < 2.25 If! , it appears
u max -. c 4that the present code requirement on tle spaclng s ~ d/ can be

relaxed

4. It should be noted that in this series of tests the moments on both
sides of the column stub were of the same sign; whereas, in a con
crete frame under seismic conditions, these two moments have
opposite signs. If bond deterioration through the joint allows an
interaction from one side of the column to the other, the behavior
of the flexure critical regions could be altered. Therefore,
caution should be used when applying the results reported herein.

V. EFFECT OF AXIAL FORCE ON FLEXURAl" HYSTERETIC BEHAVIOR [10]

A. OBJECTIVES

As pointed out previously, critical flexural regions often occur in
concrete frames where axial forces are present, e.g. critical regions Nos.
4, 5, 6, and 7 in Fig. 1. Since the three previously described series of
tests were performed with no axial force, it was decided to conduct a fourth
series of tests in which axial force would be the important variable.
Specifically, it was decided to apply a constant axial force to each specimen
while it was subjected to cyclic flexure conditions. To cover the practical
range of interest, three levels of axial load were selected, namely, 25, 50,
and 75 percent of that level corresponding to the balanced point load Nb .
These three levels are indicated on the axial force-moment interaction
relation shown in Fig. 14 by points A, B, and C, respectively. The shaded
region in this figure therefore represents the axial force-moment range of
interest.

B. TEST SPECIMEN AND LOADING SYSTEl1

The test specimen, representing that portion of column between adjacent
inflection points above and below a floor level, is shown in Fig. 15 where
it is attached to the loading system. The axial force is applied by a 200
kip hydraulic actuator controlled electronically so that the prescribed
force remains constant throughout the test. A second hydraulic actuator
(70 kips capacity) applies loading to the girder stub under displacement
control conditions. A passive load cell is installed to measure the column
shear at one end. The distance between the end load points (inflection
points) is 12 feet.

C. REINFORCEl1ENT DETAILS OF TEST SPECIMEN

The dimensions and reinforcement details of the 12 specimens tested in
this series are shown in Fig. 16. They were all 11 ft. long having a 12" x
12" cross-section. The main reinforcing steel consisted of 4 No. 7 bars (total

p == 1.67%) and the stirrups were No. 3 bars. Stirrup spa~ings were 3" in
the center 5'-3" region and 5" in the two end regions for the type A
specimen. Similar stirrups were used for the type B specimen except that
5" spacings were used over the entire length. Additional reinforcement was,
of course, placed in the girder stub.

- 61 -



Material properties were held constant throughout the test series and
controlled tests were conducted to determine their stress-strain relations.
The reinforcement steel was of intermediate grade conforming to ASTM designa
tion A15. Mean values for yield stress, yield strain, and Young's modulus
were 53.0 ksi, 0.00190 and 27,400 ksi, respectively. The concrete mix was
designed to achieve an ultimate stress of 4,000 psi in 28 days. Mean values
for ultimate stress at test day, strain at ultimate stress, and tangent
modulus were 4,450 psi, 0.0028, and 3,200 ksi, respectively.

D. SEQUENCE OF LOADING

After each specimen was placed in the test set-up, the constant axial
load was applied and the specimen was subjected to a series of small
amplitude (less than 0.2"), constant velocity cycles of lateral displace
ment for purposes of system check-out and determination of elastic char
acteristics.

Following this initial series, each specimen was subjected to succes
sive sets of nominally 4 cycles of loading under full reversal conditions
at fixed amplitudes and constant velocities. These particular sets
(Displacement Set 1, Table 1) were carried out at 5 different displacement
amplitudes, namely, 0.4", 0.8", 1.2", 1.6", and 2.0" in that order. This
full series of 20 cycles (4 x 5) in Set 1 were applied to specimens 1-9
and 12. Specimen 10 was subjected to only 3 cycles at the 2.0" displace
ment amplitude; thus, the total number of cycles in Set 1 was 19. Due to
an error in control settings, the fixed displacement amplitudes in Set 1
for specimen 11 were 0.6", 1.2", 1.8", and 2.4", in that order. Therefore,
this specimen experienced a total of only 16 cycles in Set 1. The constant
velocity used for each specimen in Set 1 is shown in Table 1.

Specimens 1-8 were subjected to further cycles of loading following
Set 1 as indicated in Table 1. This second series of cycles (Displacement
Set 2) were also applied in successive sets of nominally 4 cycles of load
ing under full reversal conditions at fixed amplitudes and constant veloc
ities. These sets were carried out at 5 different displacement amplitudes,
namely 0.8", 1.6", 2.4", 3.2", and 4.0" in that order. The constant
velocities used for Set 2 are shown in Table 1.

All cycles in both series (Sets 1 and 2) were carried out for each
specimen in the seQuences indicated above until it had suffered major
damage and loss of resistance. Therefore, as shown in Table 1, only three
specimens (Nos. 5, 9, and 12) could withstand the full seQuence of prescribed
lateral displacements.

E. RESULTS OF TESTS

A summary of test results for all 12 specimens is given in Table 1.
These results include (1) maximum lateral displacement (2) yield strength,
(3) yield displacement, (4) elastic stiffness, (5) displacement ductility,
(6) inclined-cracking shear, (7) yield moment, (8) yield curvature, (9)
concrete strain causing spalling of cover, and (10) lateral displacement
when spalling of cover occurs. Comparing the results for specimens Nos.
9-12 (180k axial load) with the corresponding results for specimens Nos.
1-4 (6ok axial load) shows that increasing the axial load has significant
influences as follows: (1) decreases the maximum lateral displacement,
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(2) increases the yield strength, (3) increases the yield displacement, (4)
increases the initial elastic stiffness, (5) decreases the displacement
ductility, (6) increases the inclined cracking shear, (7) increases the
yield moment, (8) increases the yield curvature, and (9) decreases the
lateral displacement at first spalling of the concrete cover. Comparing
the results for specimens 1 and 2, 5 and 6, 9 and 10 with the corresponding
results for specimens 3 and 4, 7 and 8, and 11 and 12, respectively, in
dicates that rate of loading had no significant effect on the hysteretic
force-deflection behavior. Comparing the results for specimens 1,3,5,7,9,
and 11 with the corresponding results for specimens 2,4,6,8,10, and 12 in
dicates little influence of decreasing stirrup spacings from 5" to 3". This
lack of influence is undoubtedly due to the relatively large shear span to
depth ratio used for these tests.

Hysteretic force-displacement loops are shown in Figs. 17 and 18 for
specimens 3 and 9, respectively. The large influence of axial load on the
general hysteretic behavior of critical regions is quite apparent when
comparing these two cases. The rapid degradation of strength with repeated
cycles of loading as caused by the increased axial load is most noticeable.
These specimens had 3" spacing of ties in the critical regions. Figure 19
shows the force-displacement hysteretic loops obtained for specimen 10 which
had 5" spacing of ties in the critical regions. Comparing these hysteretic
loops with those obtained for specimen 9, Fig. 18, indicates that the effect
of increasing the tie spacing from 3" to 5" is minimal except that it does
increase somewhat the degradation of strength with cycles of deformation.

Figure 20 shows three sets of interaction relationships, namely, axial
force vs. yield moment, axial force vs. shear capacity of concrete, and
axial force vs. curvature in the critical region at certain strain con
ditions.

Figure 20a, axial force vs yield moment, shows the experimental values
obtained from all 12 tests and presents two theoretical curves. The values
for the experimental moments were calculated from the test loads (including
the P6 effect) which were applied at the instant yielding of the main rein
forcing steel started. Strain gages were mounted on the steel to assist in
detecting this start of yielding. The shear force represented on the upper
abscissa scale of Fig. 20a is simply that shear corresponding to the yield
moment represented on the lower abscissa scale. The theoretical curve
labeled s = swas obtained using elementary beam theory, i.e. assuming
a linear n~rmalYstrain distribution over the entire cross-section, applying
statics, and using the actual stress-strain properties of the steel and con
crete obtained from material tests. The theoretical curve labeled s = 0.004
was obtained in a similar manner except that the maximum concrete stfain was
assigned the value 0.004. In this case, the corresponding strain in the
main reinforcing steel was slightly above the yield value. It can be
observed that the latter curve fits the experimental data somewhat better
than the first mentioned curve.

Figure 20b, axial force vs shear capacity of concrete, also shows the
experimental values obtained from tests along with two theoretical curves.
The values for the experimental shear capacity correspond to those values
measured at the instant when shear cracks developed across the section
causing a transfer of shear from the concrete to the stirrups. Note that
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two experimental values of shear capacity are shown for most specimens. One
of these values corresponds to loading in the positive direction while the
other corresponds to loading in the negative direction. Because of symmetry
conditions, these two values should probably be averaged to establish the
mean experimental shear capacity. The straight line theoretical curve shown
in Fig. 20b was obtained by the formula listed which was originally suggest
by Olesen, et. al. [11], and the second theoretical curve was obtained
using Eq. 11.4, ACI Sec. 71 [1]. The straight line relation seems to fit
the experimental data better for lower axial loads while the ACI relation
seems to fit better for the higher axial loads. The increase in shear
force capacity with increasing axial load is appreciable.

Figure 20c shows the interaction relation between axial load and
curvature in the critical region at certain strain conditions. The two
experimental points shown per specimen represent those values of curvature
measured when the main reinforcing steel started to yield and at that stage
just prior to a significant drop in strength. The three theoretical
relations shown were obtained using elementary beam theory, i.e. linear
strain distribution, statics, and the actual stress strain relations of the
steel and concrete obtained from material tests. The prescribed strain
condition for these curves were E

S
= Ey , E

C
= 0.004, and EC = 0.010. The

first of these conditions, as expected gives good agreement with the exper
imental data representing start of yielding of the steel and the third
strain condition gives fair agreement with the experimental data representing
ultimate load capacity. Also shown in Fig. 20c is the theoretical ultimate
curvature ductility (see upper abscissa scale) for condition EC = 0.010.
Note the very large decreases in ultimate curvature ductility with increasing
axial load.

The general behavior of the specimens in this series of tests was that
with progressively increasing lateral displacement amplitudes inclined shear
cracks formed, the main reinforcement yielded in tension, concrete cover
spalled from the bars, lateral reinforcement yielded, and, at the initiation
of failure, either the main reinforcement buckled or the core concrete failed
in compression. Specimens 1-4 failed by progressive opening of flexural
cracks which means that axial load (60 kips) had little effect on their
behavior. Specimens 5-8 (120 kips axial load) failed by buckling of the
main reinforcing bars at large lateral displacement amplitudes, and specimens
9-12 (180 kips axial load) failed when the strains in the confined concrete
core reached values around 0.010. In the latter case, the compressive
strains in the longitudinal reinforcing steel accumulated due to the high
axial load. For those specimens having axial loads of 120 and 180 kips,
the lateral reinforcement yielded at lateral displacement amplitudes of
3.4" and 1.9", respectively. Decreasing the stirrup spacing from 5" to 3"
forced a greater spreading of the inelastic regions. At ultimate load
capacity, deflections due to shear deformations constituted about 5% of the
total for specimen 3 (s = 3") while they constituted about 8% of the total
for specimen 4 (s = 5").

F. CLOSING REMARKS

The effects of axial force on the overall performance of flexure
critical regions should be recognized as it can significantly affect their
stiffness, strength, ductility, and degradation properties.
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VI . FINAL STATEMENT

The ~our series o~ tests reported herein were conducted to obtain
basic in~ormation on the per~ormance and ~ailure characteristics o~ doubly
rein~orced concrete members under realistic earthquake conditions. Hope
fUlly, this in~ormation will permit the realistic development o~ math
ematical models representing such behavior. These element models can then
serve as sub-elements in global models used to predict the overall behavior
o~ prototype structures.
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Table 1

Test parameters and test results for 12 specimens

TEST PARAMETERS TEST RESULTS

AT SPALLING
OF COVER

fz

"i'5
" Z
"H-',"a.HH,.'"

(14)

~
'"H
"

~

"'"H
"(5) (6)

DISPLT
NO. OF VELOCITY t

CYCLES @ IN/SEC

0.2 

0.2 -

0.00029 NOT AVAILABLE

0.000)0 0.0059 3.2

0.00029 0.0057 3.2

0.00027 (J.0052 2.4

0.000)0 0.0055 2.0

0.00046 0.0062 2.4

0.000)7 NOT AVAILABLE

0.000)6 0.0061 2.4

0.0006) 0.0048 1.2

0.00051 0.0058 1.6

0.00045 0.0050 1.2

0.00052 0.0064 1.2

10.4 923.

9.3 878.

13.4 906.

11.2 924.

15.0 "85.

14.) 1198.

15. 1+ 1124.

15.5 11)2.

16.7 1291

17.5 1380.

17.3 1349.

17.7 1330.

66.1 5.70

63.3 4.75

68.9 4.85

6).7 5.33

73.9 4.50

62.5 3.46

77.2 3.28

77.9 3.60

83.1 2.11

81.3 2.12

85.1 2.60

87.5 2.07

4.0 26.7 0.71

3.2 ~6.7 0.67

3.2 26.3 0.66

4.0 27.5 0.75

4.0 32.7 0.89

).2 33.0 0.93

).2 )0.5 0.97

).2 31.1 0.89

2.0 34.0 0.95

2.0 36.7 0.95

2.4 35.9 0.92

2.0 35.0 0.97

0.4

0.4

4.
4.
0.4

0.4

1.

1.

1,

1.

0.2

0.2

0.2

0.2

2.

14t

15t 2.

12t 2.

,8

,6

,6

17t 2.

3 20

5 20

3 20

5 20

) 20 20

5 20

3 20

5 20

3 20 

5 19 

3 16 

5 20 -

1 60

2 60

3 60

4 60

5 120

6 120

7 120

8 120

9 180

10 180

11 180

12 180

(*)DISPLT SET 1J 4 CYCLES AT LATERAL DISPLT AMPLITUDES OF 0.4-,08" '.2", '.6" AND 2.0" (EXCEPT SPECH1EN 11)
DISPLT SET 2l 4 CYCLES AT LATERAL DISPLT AMPLITUDES OF 0.8", ':6": 2.4", ).2" and 4.0 lt
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5 SEISMIC DESIGN IMPLICATIONS OF HYSTERETIC BEHAVIOR OF
REINFORCED CONCRETE ELEMENTS UNDER HIGH SHEAR

by

t
Vitelrno V. Bertero*, Egor P. Popov* and Tsan-Yuan Wang

SYNOPSIS

This paper reviews the research carried out at Berkeley on hysteretic
behavior of structural components of ductile moment-resisting frames and
frame-wall systems under high shear. The first part of the paper summarizes
and evaluates the main results of experiments conducted on relatively short
girders and girder-column subassemblages, and discusses their implications
regarding the aseismic design of ductile moment-resisting frames. The
second part considers results obtained in the tests on wall models of the
first three stories of a IO-story dual frame-wall structural system, to
evaluate present code provisions for the aseismic design of such systems.

I. INTRODUCTION

In designing a building located in regions where severe earthquake
shaking is expected, economic considerations usually require that large
seismic energy input to the building be absorbed and dissipated through
large but controllable inelastic deformations of its structure. These defor
mations, however, should be limited to values which ~ould avoid inducing
severe damage to either structural and nonstructural elements or contents
of the building which could jeopardize the lives of occupants and the safety
of neighboring buildings.

The structural systems of low-rise buildings in seismic areas are
often designed with ductile moment-resisting space frames. As the build-
ing becomes increasingly slender, however, it is necessary to increase the
lateral stiffness of the frame. This is more effectively achieved by in
creasing the bending stiffness of the girders rather than that of the columns.
Since an increase in bending stiffness is usually accompanied by an increase
in the girders' shear, care should be taken to see that this increase does
not exceed certain limits and thereby subject the potential flexural criti
cal regions of the girders to shears which are higher than those desired.

Although data available on the behavior of critical regions subjected
to reversals of combined flexural and high shear are very limited, a compari
son between these results and those obtained under monotonic loadings, indi
cates that as the shear increases, stiffness and strength deteriorate with
the increasing n~~ber of load reversals. At the same time, a considerable
reduction in ductility takes place (1). Recent investigations in this area
carried out at Berkeley (2-7) shed some light on reasons for th~ observed
deteriorations and for the reduction in ductility. The reliability of pre
sent code provisions for aseismic design must now be evaluated in the light
of these new data.

* Professors of Civil Engineering, University of California, Berkeley.
t Research Assistant, University of California, Berkeley.
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As the height of the building increases (say, above 10 stories), its
lateral stiffness may be more efficiently improved by adding some structural
walls (viz., shear walls) to the moment-resisting frame, rather than by
increasing the stiffness of girders and columns. The rationality of present
code procedures of seismic analysis and design of this combined structural
system is unclear. The code seismic design philosophy for shear walls
appears to be inconsistent with that for ductile moment-resisting frames,
which is not surprising since reliable data on hysteretic behavior of
wall and frame-wall structural systems are very limited. Further analy~

tical and experimental research is therefore needed.

OBJECTIVES AND SCOPE - Results on the hysteretic behavior of flexural
critical regions of girders subjected to high shear, girder-column subassem
blages, and wall subassemblages, under earthquake-like excitations, were
recently obtained at Berkeley. The main objective of this paper is to ana
lyze the implications of these results on aseismic design of ductile moment
resisting frame and frame-wall structural systems.

For the purposes of discussion, the analysis of hysteretic behavior
has been divided into two parts. The first part analyzes the results
obtained in tests of several full-sized short cantilevers using different
types of web reinforcement, and taose of 1/2 scale girder-column subassem
blages. Implications of these results on aseismic design of ductile moment
resisting frames are then evaluated. The second part discusses the problems
and the research conducted on hysteretic behavior of structural components,
and analyzes results obtained in tests of two 1/3 scale models of the first
three stories of a wall corresponding to a 10-story building. The signifi
cance of these results on present methods for the aseismic design of dual
frame-wall structural systems are then discussed.

II. HYSTERETIC BEHAVIOR OF FLEXURAL CRITICAL REGIONS WITH HIGH
SHEAR

GENERAL - To study in detail the effect of high shear reversals on the
flexural behavior of critical regions, a series of experimental and analyti
cal investigations have been carried out (2-7). In order to analyze the
significance of the results obtained with regard to present code provisions
related to the design of ductile moment-resisting frames, only the results
obtained in four series of experiments conducted on seven similar specimens
are briefly presented and evaluated. These series of experiments can be
considered as complementary to the third series of experiments described in
the previous paper presented by Penzien, et. al. (7).

DETAILS OF TEST SPECIMENS

Type of Specimen: Each of the seven test specimens consisted of a short
cantilever beam, shown in Fig. 1, and had the same overall dimensions: a 78
in. length and a 15 x 29 in. rectangular cross-section. The shear span-to
effective depth ratio was 3.1. As illustrated in Fig. 1, the cantilever
beam framed into a heavily reinforced concrete column-stub which in turn
was attached to a steel reaction box prestressed to the tie down slab of
the laboratory.

Main Reinforcement: In each beam, this was provided by six well-anchored
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#9 bars at both the top and the bottom. These bars were welded at their ends
to special plates, Fig. l(a), to eliminate any danger of anchorage failure
and to minimize the amount of slippage along their embedment lengths.

Web Reinforcement: This was the main variable under study. In the
first series of specimens, single closed stirrup-ties were used consisting
of #3 bars at 4.5 in. spacing in Beam 35, and #4 bars at 6 in. and 3 in.
spacing in Beams 46 and 43 , respectively (2). Whereas the web reinforcement
of Beam 35 conformed to the general ACI (318-63) Code requirements, the ties
of Beams 46 and 43 were designed to resist the total shear. Furthermore, in
Beam 43, they were designed to resist the shear corresponding to the maximum
possible moment which the beam could resist. In the second series of speci
mens, Beams 33 and 33M, narrower pairs of partially overlapping #3 stirrup
ties at 3 in. spacing, Fig. l(b), were used to offer the interior top longi
tudinal bars better support against buckling than the single #4 tie used in
Beam 43. Furthermore, in Beam 33, two #4 longitudinal bars and transverse
supplementary #2 and #3 cross-sties were added to improve basketing of the
concrete.

The third series of experiments was carried out on Beam 351, Fig. l(c).
The main shear reinforcement consisted of eight #6 inclined bracing bars
which were designed to resist the shear force corresponding to the maximum
flexural capacity, (estimated on the basis of the maximum tensile strength
of the main reinforcement bars), and to prevent the shear movement along
vertical flexural cracks which were observed in the two previous series of
tests. These bars were assembled into a rigid cage by closely spaced ties
forming two 45° struts with very well confined cores which minimized the
danger of bar buckling. Similar struts have been successfully used for
very short span beams by Paulay (8). Results show that these inclined struts
virtually eliminate the degrading effects of high shear. Their use in the
field, however, may be economically infeasible; consequently, the simpler
reinforcing scheme shown in Fig. l(d), was used in the design of the specimen
(Beam 33L) for the fourth series of tests. The four interior #9 main rein
forcement bars of Beam 33L were bent 45° at 6 in. from the column face in an
attempt to force the initial flexural yielding at a section 18 in. from this
face, and at the same time to use these four bars to resist shear at this new
critical region. The main reason for attempting to force the initial flex
ural yielding away from the column face was to determine the possibility of
decreasing the significant slippage of the main bars along their anchorage
in the column-stub that was observed in the test of the first three series
of experiments. Whereas double, partially overlapping #3 stirrup-ties
spaced at 3 in. were used in Zones J and III of the beam, single ties were
used in Zone II where four main bars were bent. Transverse supplementary
#3 cross-ties were added at mid-depth.

MECHANICAL CHARACTERISTICS OF MATERIALS - The compressive strength of
the concrete at time of testing varied between 3.9 to 5.8 ksi. Grade 60
steel was used throughout the experiments. With the exception of one speci
men in which the yielding strength of main reinforcement was 60, in all other
specimens this strength exceeded 67 ksi.

EXPERIMENTAL SET-uP AND TEST PROCEDURE - Each specimen was tested in a
horizontal position. Most of the specimens were subjected to repeated full
reversals of shear forces and deformations of gradually increasing intensity
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up to failure. Afew specimens were initially subjected to a large, closed
hysteretic cycle, i.e. they were tested under monotonic loading up to a
certain selected maximum displacement ductility ratio.

EXPERIMENTAL RESULTS - The main results obtained from the four series
of tests are summarized in Table 1. For a more detailed discussion of these
results see Ref. 6.

First Series: After considerable flexural yielding, failures in the
first three beams were of predominantly shear type. Beam 35, Fig. 2(a), and
Beam 46, performed poorly. A dramatic improvement in hysteretic behavior
was achieved by increasing the amount of web reinforcement and decreasing
the spacing of the stirrups as done with Beam 43, Fig. 2(b). A displacement
ductility ratio of about 6.2 was achieved before any significant drop in
strength took place. From this point of view, the web reinforcement used in
Beam 43 could be considered satisfactory. Closer analysis of the hysteretic
behavior, however, shows that considerable reduction in energy dissipation
per cycle started after the first loading to a ductility ratio, ~, of 4.

Second Series: The web reinforcement of Beam 33 was designed to elimi
nate the following observed weaknesses of Berm 43: (1) considerable lateral
swelling in the critical region of the beam, (Which extended about 25 in.
from column face) and produced early spalling of the concrete cover; and
(2) failure of the single ties to provide adequate lateral support to the
interior bars of the main reinforcement, thereby resulting in the early
buckling of these bars. The hysteretic behavior of Beam 33 is shown in Fig.
3. Although the strength of this beam was slightly greater than that of

Beam 43, and there was some improvement in the total amount of energy ab
sorbed and dissipated with respect to Beam 43, the overall improvement was
not a major one. Comparing the results obtained in the tests of Beam 33
with those of test 33ME on Beam 33M, it was concluded that the addition of
the extra longitudinal bars at mid-depth and supplementary cross-ties
yielded no significant improvement on the observed stiffness degradation
induced by the reversals of high shear.

Third Series: Although the use of closely spaced vertical ties consid
erably improved the ductility and energy absorption and dissipation capaci
ties of the specimens, the stiffness continued to degrade at or before a
ductility of 4 was reached, even in the case of ties at 3 in. intervals.
This occurred because the diagonal tension cracks produced by the shear not
only cross sirlilar cracks resulting from the reversals of the shear, but
also intersect and combine with the vertical flexural cracks as well. After
reversals of loads inducing flexural yielding, one or two nearly vertical
cracks, interrupted by diagonal cracks, remained open at zero load throughout
the cross section of the beam. At these cracks, the initial shear was
resisted by the dowel action of the main bars and by the deteriorating
aggregate interlocking taking place around the numerous blocks into
which the originally "continuous" concrete had been cracked. Dowel action,
however, is an inefficient way of resisting shear because it enhances the
longitudinal splitting of concrete. This splitting not only induces bond
deterioration, but also accelerates the buckling of the main reinforcing
bars and, thereby, the failure of the beam which finally occurs by sliding
shear along one of these nearly vertical cracks. This mode of failure has
been classified by Paulay as "Sliding Shear Failure" (8). Because it occurs
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after considerable flexural yielding of the main reinforcement, its mechanism
is designated herein as a "Flexure-Shear Mechanism". From the very nature of
this type of degrading shear resistance mechanism, little improvement can be
gained by adding vertical ties.

Beam 351 was designed for the purpose of investigating the effectiveness
of using heavy diagonal bars as web reinforcement to prevent sliding shear
failure. Its hysteretic behavior, shown in Fig. 4, consisted of remarkably
stable, spindle-type loops, even near failure which occurred at a ~ = 6.4.
The first significant degradation in stiffness was observed during the third
cycle at a peak deformation of about 4.2 in. (~ = 5.2). The hysteretic loops
of Beam 351 resemble those obtained in the test on compact structural steel
beams. Comparison of hysteretic loops at the same peak displacements for
Beams 351 and 33, Fig. 5, illustrates the improvement achieved by using
inclined bars, rather than vertical ties alone. Tne inelastic rotation that
occurred in the critical region when Beam 351 reached its maximum tip deflec
tion (LP 93 in. Fig. 4), corresponded to an equivalent plastic hinge rota
tion of 0.035 ra~ ,it was nearly twice this value (0.067 rad) during the full
load reversal (LP 91 to LP 93). This plastic hinge rotation capacity is
close to that available in equivalent compact structural steel regions. This
is the most that can be expected. The contribution of the different sources
of deformation to the tip deflection and its variation with increasing duc
tility ratios for Beam 351 is compared with that of Beam 33 in Fig. 6. From
this comparison it is clear that for all ductilities, the shear deformation
in Beam 351 was smaller than that for Beam 33.

Fourth Series: Significant rigid body rotations of the whole cantilever
were observed in previous tests. These rotations were caused by the slippage of
the main bars along their embedment lengths in i;he column-stub despite that the
main bars were welded to steel plates, which were cast with the column-stub and
rigidly attached to the reaction frame, Fig. l(a), Figure 6 shows that for
Beam 351, the contribution of this slippage to the tip deflection (OFlXED END)
amount~d to more than 25%. Thus it is clear that slippage of these bars can
be one of the controlling parameters in the overall stiffness degradation
observed in real structures. This slippage was a result of the degradation
of bond with repeated reversals of inelastic straining. The main reinforce
ment of Beam 33L, Fig. l(d), was detailed in an attempt to decrease the
slippage of the bars.

Beam 33L was subjected to two tests, Fig. 7. During the first test
(33L), the beam was monotonically loaded up to a tip displacement of 4.8 in.
(~ = 6), without any drop in shear resistance, which reached a maximum of 160 kip.
After unloading, the beam was loaded in the opposite sense up to a displacement
of -4.0 in. offering a shear resistance of 163 kip. From Fig. 8(a) it is
clear that the deformations due to shear distortion and sllppage of the bars
were smaller than those in previous beams. After its repair by epoxy injec
tion, Beam 33L was loaded under repeated reversals of increasing shear up to
failure (Test 33LR). This occurred after inducing a tip displacement of
6.5 in. without any significant drop in strength (152 kip vs a maximum of 158 kip
at 4.5 in.). Although Beam 33LR had initially been subjected to an extreme
cycle of shear reversal, its hysteretic behavior was very similar to that
of Beam 351. Comparison of hysteretic loops corresponding to a peak deflec
tion of about 4.2 in. for these two beams, Fig. 9, confirms this similarity.
The results presented in Fig. 8 clearly indicate that the slippage of the
bars (OFlXED END) in Beam 33LR was 30% less than that of Beam 351. The
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maximum plastic hinge rotation attained for Beam 33LR was 0.072 rad., and it
developed along a length which was practically twice that observed in Beam
351,

HYSTERETIC BEHAVIOR OF BEAM-COL1&W SUBASSEMBLAGES - In the tests of the
cantilever beams considerable increase in tip deflection has been observed,
as a consequence of pull-out of the main bars. This pull-out increases with
severity of the loading and number of reversals. In practical cases where
the main bars cannot be anchored mechanically by welding, (as done in the
beams tested) the observed bond deterioration can lead to severe anchorage
problems at the column joints. The severity of these problems can be ass
essed by analyzing results obtained in a series of experiments that are being
conducted at Berkeley on hysteretic behavior of beam-column subassemblages
(5,9). Four half scale models of an interior beam-column subassemblage of
the third floor frame in a 20-story ductile moment-resisting concrete
building, have been tested to date. Figure 10 shows the specimen tested
and a brief discussion of the major results obtained follows.

The effect of repeated load reversals is illustrated in Fig. 11 where
the hysteretic curves obtained from tests conducted on one of the specimens,
BC3, is compared with the behavior of Bc4 which was subjected to a monoton
ically increased load up to a lateral displacement ductility of 5. Compar
ing the results for these two specimens shows that repeated cycles of full
deformation reversals of increasing amplitude induced a rapid degradation in
the subassemblage stiffness. This degradation is clearly illustrated in
Fig. 12, where the initial loading parts of the hysteretic loops of Fig. 11
have been shifted horizontally to a common origin. Since the amount of
nominal shear stress developed in the beams was small (on the order of 3~),
the observed degradation was not the results of shear reversals in the beams.
The main reason for this degradation was the slippage (bond failure) of the
beams' main reinforcing bars along a large part of the column width as a
consequence of their simultaneous pull-out (at one face) and push-in (at the
other face of the column joint).

Under a monotonically increasing lateral load,a ductility ratio, ~, of
5 was attained without any decrease in strength of the specimen; whereas
under repeated reversals of increasing deformation, a considerable drop in
lateral resistance was observed after a ~ = 2.5. Drastic pinching of the
hysteretic loops after a ~ = 2.5, clearly points out the significance of
the bond deterioration induced by repeated reversal deformations.

ASEISMIC DESIGN IMPLICATIONS OF OBSERVED HYSTERETIC BEHAVIOR - Present
American code provisions for the aseismic design of ductile moment-resisting
space frames are based largely on results obtained in experiments carried
out under monotonically increased loading. The adequacy of such provisions
is questionable in the light of building damage observed in recent severe
earthquakes. This is particularly true in the case of members subjected to
high shears and in the case of anchorage of reinforcing bars subjected to
strain reversals in the inelastic range. Penzien et. al. (7) have concluded
that the present code requiring tie spacing in the critical region to satisfy
s ~ d/4 could be relaxed when vumax ~ 2.6;rr. The investigation just
reviewed proved that when the vUmax reaches values higher than 3. 5/f[ , more
stringent code provisions must be formulated. The results obtained to date
on effects of high shear and on bond deterioration permit the following
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series of observations and recommendations to be made regarding the aseismic
design of moment-resisting space frames.

(1) In moment-resisting space frame systems, short span bays leading
to the use of girders with low shear span-to-depth ratios (~ 3) and high
percentages of main reinforcing steel, should be avoided. The combined
actions of reversals of high bending moments and corresponding shear that
can be developed in the critical regions of these girders will results in
significant degradations unless costly web reinforcements are used.

(2) If the use of short span girders is unavoidable, it is recommended
that the flexural design of these girders be done in such a way that their
maximum bending strength does not reQuire the development of maximum average
nominal shear stresses beyond 3.5;rr (psi). This can be achieved by the use
of wide girders with a low percentage of reinforcing steel having low yield
ing strength, and a large plastic plateau with a small strain-hardening
modulus of elasticity. Web reinforcements should be designed to resist the
total shear, and the minimum practical spacing of ties should be used. If
it is not possible to keep the nominal shear stress below 3.5!f,f (psi),
special web reinforcements beyond those reQuired by present code provisions
should be used. Some improvements can be achieved by placing extra longitu
dinal reinforcements near the faces of the girder web at mid-depth and sup
porting these bars and the vertical legs of the vertical ties with supple
mentary cross-ties. The most efficient web reinforcement tested, however,
~as obtained by adding inclined 45° crossing bent bars. Effective plastic
hinge rotations up to 0.035 rad. (0.067 rad. during a full load reversal)
have been achieved using inclined crossing bars. The maximum nominal shear
stress should in no instance exceed 6;rr (psi) when a large number of rever
sals at a V ~ 4 is expected.

(3) When end critical regions of girders can be subjected to numerous
cycles of reversals at large displacement ductilities, a drastic and early
drop in strength, and especially in stiffness, can occur due to the slippage
of the beams' main bars throughout the column at interior joints. Although
such degradations are inevitable under present methods of design, they can
be minimized and delayed by: (a) designing girders with a low percentage
of main reinforcement; (b) using the same, or nearly the same positive and
negative reinforcements at the girder ends; (c) using a beam-reinforcing
steel with low yielding strength, and a large plastic plateau with a low
strain-hardening modulus of elasticity; (d) selecting numerous small
diameter bars, rather than few large-diameter bars; and (e) using the
deepest possible column to increase the length of anchorage of the beams'
main reinforcing bars.

(4) To minimize the problems created by the slippage of the beams' main
bars through the interior joint, to improve the response of the anchorage of
these bars in the exterior joint, and to facilitate special web reinforcement
against the combined effect of high shear with bending moment, the beams' main
reinforcement should be designed and detailed to force plastic hinges to form
away from the column faces. One disadvantage in locating the plastic hinges away
from the ends of the girders is that the amount of inelastic rotation required to
attain a certain selected displacement ductility would be greater than that
for the plastic hinges forming at the column faces. One way of attaining
this greater required rotation would be by detailing the reinforcement to
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force the inelastic deformation to spread over a longer region. By using
numerous small-diameter bars, rather than few large-diameter bars, the bend
ing of a sufficient number of bars could be tailored to create the greater
re~uired length for the plastic hinge.

(5) A mathematical model for the behavior of flexural critical regions
has been formulated (4). There is now an urgent need to develop a nonlinear
dynamic computer program based on a mechanical model that includes not only
the change in geometry and the observed monotonically pseudo-static inelas
ticity of the materials, but also, the degradation in stiffness caused by
cyclic loading reversals as a conse~uence of: (a) higher shear, (b) bond
degradation, (c) pull-out of bars due to the failure of anchorage at the
exterior beam-column joint, and (d) slippage of the bars along the column
at the interior joint.

Only through the use of such computer programs can dYnamic analyses of
the response of realistic structural models to different possible ground
motions lead to a better underst&1ding of the ramifications of the above
sources of nonlinearities on the aseismic design of moment-resisting space
frames. Such programs would enable determining the inelastic deformation
demands at different critical regions of such frames. According to prelimi
nary studies using existing programs (1) rotations in girders of ductile
frames can reach large values, although the number of full reversals is gen
erally not very large. From this point of view some of the specimens were
overtested. On the other hand, these preliminary studies have shown that
the critical regions of shear wall coupling girders can be subjected to a
very large number of severe reversals in the inelastic range.

III. HYSTERETIC BEHAVIOR OF STRUCTURAL WALL COMPONENTS

The design and behavior of structural wall components depends upon the
relation between the internal forces controlling their "elastic" and, par
ticularly, "initial yielding" and "inelastic" behaviors. If bending controls
behavior, these components can be classified as "flexural walls"; if shear
controls behavior, they can be classified as "shear walls." This classifi
cation is usually made on the basis of the geometric proportions of the
wall, particularly on the height (H) - width (B) ratio. Short walls [say,
H/B < 1/2, according to Fintel (11); H/B < 1, according to Paulay (12)],
are usually controlled by shear; slender walls [say, H/B > 2], by flexure.
Because behavior depends upon the loading condition, and is also very sen
sitive to the amount, type and detailing of reinforcement, caution should
be used when classifying walls according to geometric proportions alone.
From the point of view of loading, it might be better to use the shear
span (a) - depth (d) ratio, a/d rather than H/B alone.

As the H/B or a/d increases, the wall becomes increasingly slender and,
conse~uently, more difficult to distinguish between a slender wall and a
column. Perhaps one way of distinguishing them is by applying Section 2626
(f)l of the UBC which re~uires the ratio of minimum to maximum column thick
ness to be not less than 0.4. Generally, however, the compressive stresses
due to axial forces acting at the critical region of a wall are considerably
less than those which develop in the column substituted by the wall.
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In building construction, the structural wall is generally used in
combination with the moment-resisting frame. The interaction between the
wall and frame, particularly regarding the hysteretic behavior of buildings
under earthQuake-like conditions, is not very well-understood at present.
The lack of understanding concerning this interaction and the sensitivity
of inelastic behavior to the wall geometry, and to the amount, type and de
tailing of reinforcement, are the main reasons for the disagreement among
researchers and professional engineers regarding the way that walls should
be designed. This disagreement is manifested in significantly different
reQuirements for the design and analysis of structural walls specified by
different American codes. This is illustrated by Table 2 which compares
the design forces for a shear wall of a l2-story building (13), calculated
according to ACI and DEC code provisions. The code provisions. The code
design philosophy for walls is neither very clear nor consistent with that
used for designing the components of ductile moment-resisting frames.

The main concern of aseismic design is to achieve a ductile hysteretic
behavior. Thus, walls should be designed so that its hysteretic behavior
(particularly its mechanism of failure) is controlled by flexure. In the
case where geometric proportions dictate that shear control behavior (e.g.,
sQuat walls), the wall should be designed to absorb all the earthQuake energy
input in its "elastic range" and to prevent large openings of cracks (diago
nal and flexural). Present code provisions do not distinguish between "shear
(or sQuat) walls" and "flexural (or slender) walls.\!

As illustrated in Table 2, Section 2627( a) of the 19'73UBC reQuires that
a value of 2.8E be used in calculating shear stresses in shear walls of
buildings without a 100% moment-resisting space frame. Section 3A of the 1974
Lateral Force ReQuirements of the SEAOC recommends that a value of 2.0E be
used in calculating shear and diagonal tension in buildings other than those
complying with the reQuirements for buildings with K = 0.67. According to
the 1967 SEAOC Commentary, the doubling of the value of E is recommended so
that the design stress level for shear in concrete is reduced to one-half
that normally reQuired. This is done to provide a greater range of elastic
response in any given dynamic input prior to possible nonductile shear fail
ures. Although it is convenient to have a greater safety factor against non
ductile shear failures, it is not believed that merely doubling the value of
E is the best way of achieving this (14). The actual shear stress developed
during response to an extreme earthQuake ground shaking not only depends on
the distribution of the code static eQuivalent lateral forces, but also on:
1. the flexural capacity that has been built in the structure, 2. the
actual distribution of inertial forces (or story shears) throughout the
height of the building, and 3. the interaction between frame and wall compo
nents.

From the above discussion, it can be concluded that a slender flexural
wall can be effectively achieved by designing it against the maximum shear
that can be developed according to the actual flexural capacity (as affected
by the axial force) of the critical region and considering the critical
moment-shear ratio that can exist at such a region. Even if the maximum
shear can be estimated with sufficient engineering accuracy, there still
remains the problem of designing against it.
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In the case of squat walls, it is generally economically infeasible to
design against a shear corresponding to the flexural capacity of the wall;
therefore, it seems logical to base the code requirements on a specific
maximum nominal ultimate unit shear stress. This unit stress, however,
should correspond to the maximum possible shear force that can be developed
at the section. Consequently, this shear should be estimated from forces
obtained from linear elastic design response spectra corresponding to the
maximum credible ground shaking; computing the shear by merely increasing
the present code specified lateral earthquake force by 2 is insufficient.
It has been demonstrated, and is widely recognized, that present code de
sign forces for relatively rigid structures can be at least three times
smaller than those expected in a linear elastic response, even if high
damping is assumed.

It is believed that the misunderstanding and disagreement regarding
actual hysteretic behavior of structural wails under earthquake-like condi
tions is a direct consequence of the lack of reliable data in this area.
Up until 1970, most of the experimental results that were available regard
ing the behavior of wall elements were obtained from tests of one- or two
story reinforced concrete walls or infilled reinforced concrete frames which
,,,ere subjected to simplified loading conditions . Although some of these
studies investigated the seismic behavior of wall components in medium-rise
buildings, the loading conditions under which most of the tests were con
ducted, Fig. 13, did not simulate the real effects of earthquake excitations;
rather, they simulated excitations that could have developed in wall systems
used for shelters against nuclear weapons. The strength and deformational
behavior of the walls tested were controlled by shear; hence, they have been
designated accordingly as "shear walls."

The inaccurate simulation of loading conditions used in most of the
previous experimental investigations on the seismic behavior of wall systems
is believed to be the result of a lack of integrated experimental and analy
tical studies. Therefore it is not surprising that present methods of
predicting the mechanical behavior of wall systems are of a very approximate
nature, and there is an urgent need for improving them. This need has led
to the irmitiation in 1971 of the following investigation.

OBJECTIVES ill1D SCOPE - The ultimate objective of the investigation
started in 1971 is to develop practical methods for the aseismic design of
combined frame-wall structural systems. To achieve this objective, the real
mechanical behavior of vall systems subjected to earthquake-like excitations
is investigated by integrated analytical and experimental studies.

The analytical studies have two main objectives. The first objective
is to use available analytical techniques for studying the forces acting on
different subassemblages of frame-wall systems sUbjected to time history
earthquake ground moti0~s, and to thereby plan a rational program of experi
mental studies. AnalY~lcal and experimental responses are then compared to
assess the reliability of these available analytical tools. The second
objective is to develop new and more efficient computer programs for the
analysis of multistory frame-wall structural systems.

The main objective of the experimental studies is to obtain reliable
data regarding the linear and nonlinear behavior of frame-wall structural
systems. 'ro achievp this objective, the research program covers the follow
lng: 1. a review of available data regarding the behavior of different
wall systems subjected to earthquake-like excitations, 2. the design of
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buildings with frame-wall systems and analysis of their seismic response
using available methods, 3. experimental studies of wall and frame-wall
subassemblages of such buildings, 4. the use of experimental data to improve
the formulation of mathematical models for such systems, and 5. design
implications of the results obtained and the formulation of practical methods
for the preliminary aseismic design of such systems.

In this paper, only the experimental studies that have been carried up
to the present will be discussed and the main results presented. Seismic
design implications of the observed behavior will be offered based on analy
sis of the presented results.

SELECTION, DESIGN AND CONSTRUCTION OF TESTING FACILITY - After comparing
the advantages and disadvantages of using the earthquake simulator facility
available at the Earthquake Engineering Research Center with those of using
a pseudo-static facility capable of simulating the significant deformation
histories expected in the dynamic response of a structure during severe
earthquake Shaking, the latter facility was selected (15).

Testing of full or large scale models of the entire building was not
possible due to the lack of a testing facility necessary for conducting such
experiments and the limited budget available for constructing a new one.
Therefore, it was decided to test significant subassemblages of the struc
tural system. To predict the in-plane seismic behavior of frame-wall
systems, it is necessary to have information regarding the variation of the
lateral shear-displacement relationship for each story, as illustrated in
Fig. 14. In order to correctly simulate the actual boundary conditions of
the story under stUdY, it was decided to test subassemblages of at least
three stories, Fig. 15. To design the testing facility, two buildings, 10
and 20-stories, 61 x 180 ft., each, in plan, were designed using present UBC
seismic provisions. The la-story building, shown in Fig. 16 was redesigned
using, in one case, the seismic forces resulting from the application of a
smooth design response spectrum, and in another case, the Structural Standards
of the Architectural Institute of Japan (16). A comparison of all these
designs reveals significant differences between the present American and
Japanese design philosophies of shear wall systems. Analyses of the response
of the designed building to different severe earthquakes permitted estimating
the relative intensity of the forces that can be expected to act on the bot
tom three story subassemblages. Capacity studies of these prototype assem
blies were used to design the testing facility as well as to select the
larger scale models which could be tested. These studies resulted in the
selection of 1/3 scale models (15).

The principal feature of this facility is its ability to simulate, in a
pseudo-static manner, the dynamic loading conditions which could be induced
in subassemblages of buildings during earthquake ground shaking. Assuming
that the wall alone could resist most of the lateral inertial forces, it is
clear from Fig. 17(c), that it would be necessary to apply not only lateral
forces [S3(t), H2(t) and Hl(t)] but also, forces which would simulate the
effect of overturning moments (OVM3 ) and gravity loads existing in the
prototype above the top floor of the subassemblage. This is required because
the principle of superposition is not applicable in studying inelastic
behavior. Therefore, to simulate the actual inelastic behavior of this sub
assemblage when it forms part of the whole wall, the synchronized shear,
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overturning, and axial forces must be applied simultaneously. Because of
the difficulty of introducing the actual distribution pattern of these forces
and moments, Fig. 17(b), they must be replaced by concentrated resultant
forces, as illustrated in Fig. li( c). To avoid the effect of local distur
bances caused by the application of these equivalent concentrated forces and
that of the alteration of the actual boundary conditions, it is necessary to
employ at least two, preferably three, stories in modeling the prototype
sUbassemblages corresponding to one selected story.

In the facility built at Berkeley, the walls are tested in a horizontal
position, as shown in Fig. 18. Specimens from 1/4 to 1/2 scale of the
prototype can be accomodated.

As shown in the plan of Fig. 18(a) and the photo of Figs. 18(b), the
testing facility consists of a series of reaction reinforced concrete blocks
and a steel reaction box. All these reaction fixtures are anchored by means
of prestressed rods to the laboratory tie down slab, and serve to support
the specimen and hydraulic actuators (jacks) necessary for simulating the
excitations to be applied to the specimen. Two 500 kip actuators were ar
ranged to apply axial forces to the columns of the specimen, similating
both the static gravity effects plus the dynamic alternating forces result
ing from the seismic overturning moments. A 460 kip actuator was provided
to apply the shear force required for simulating the total seismic shear
acting on the upper story. Two small 50 kip actuators can be used to apply
inertial forces acting in the two lower floors. All these lateral actuators
can be electronically coupled with those connected axially to the columns so
that the applied shears and overturning moments would act in phase.

To obtain the necessary information for studying the hysteretic behavior
of the models, the specimens are extensively instrumented. Figure 18(b)
illustrates part of the data aquisition system. The lateral displacement at
each floor level and at intermediate heights of the first story are automa
tically plotted against the lateral shear force applied at the top of the
specimen. This is achieved through the use of X-Y-Y recorders. The varia
tions of the other applied forces, the relative shear deformation of each
story, the average curvatures through different cross-sections of the wall,
some axial deformations along the edges of the walls and columns, and strains
of some of the reinforcing bars located in the expected critical regions of
columns and walls, are also plotted directly against the applied shear force
through the use of X-Y-Y recroders. Numerous strain gages placed on rein
forcing bars, and clip gages used in measuring the relative deformation along
6 in. to 12 in. base lengths, are read at selected stages of the test directly
through a low-speed data acquisition system whose heart is a NOVA minicomputer.

The progress of crack formation in the specimens is carefully observed
and recorded. In addition, photogrammetric pictures made at the critical
stages of the experiment provide a unique qualitative record of the behavior
of the wall at the selected loadings, as well as highly accurate information
on the movement of the cracked mosaic of the wall.

FABRICATION OF SPECIMENS AND MECHANICAL CHARACTERISTICS OF MATERIALS (17)
Two specimens, 1/3 scale models of the bottom three stories of the wall
component of the 10-story frame-wall system shown in Fig. 16, were subjected
to a series of tests. As illustrated in Fig. 19, the specimens consisted of
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a 4 in. thick wall framed by two 10 in. square columns The total width of
the specimen was 7'-10" and the total height, 13'-7". The wall was rein
forced with two layers of horizontal and vertical reinforcement (#2 at 3 in.
spacing). The columns were spirally reinforced with 8 #6 main bars having
a 0.21 in. diameter spiral.

To simulate the construction work in the field, the specimens were
casted story by story in its vertical position, illustrated by the photos
of Fig. 20. The two specimens were casted simultaneously. The main mech
anical characteristics of the materials are summarized in Table 3. This
table shows that the actual yielding strengths of the reinforcing bars were
considerably higher than those specified. Furthermore, the actual strengths
developed in these bars could even reach values considerably higher than
their measured yielding strengths, due to earlier strain-hardening, espe
cially in the #6 bars.

PREDICTION OF EXPECTED STRENGTH OF SPECIMENS (17) - Based on the actual
mechanical characteristics of the materials, the possible flexural and shear
strengths of the specimen under different axial forces were evaluated. Fig
ure 21 compares the moment-axial force interaction curve so obtained with
that resulting from applying the 1971 ACI Code. This figure also compares
the most probable expected flexural and shear strengths with those correspond
ing to the design. The significance of the observed difference will be dis
cussed later.

LOADING CONDITIONS - The prototype was designed for critical load combi
nations of gravity (dead and live) and seismic loads as specified by the 1973
UBC. Although these loads could be easily simulated in the testing of the
specimens, rather than apply them, it was decided to investigate the behavior
of this code designed wall under the most critical load combination which
could be developed in the case of an extreme earthquake ground shaking. Ra
tional selection of the actual probable critical combination requires inte
grated experimental and analytical studies (18) because it varies depending
upon the main parameters under study. Table 4 illustrates the differences
in the loading conditions that were derived for the wall model of the proto
type of Fig. 16 using different methods for evaluating the seismic forces.
The considerable discrepancies among the resulting shear span values point
out not only the difficulties in selecting the critical combination of iner
tial forces but also, the need for carefUlly interpreting results obtained
in experimental investigations in terms of the actual seismic behavior of
structures.

To determine the adequacy of present code specifications for avoiding
brittle shear failures, specimens were tested under the load combination
corresponding to the last case presented in Table 4. This loading combina
tion was selected because of all the cases analyzed, it resulted in the most
critical shear force at the first story.

Although the two axial forces necessary to simulate the effects of
gravity forces were applied first (by means of column actuators), and they
were the same for the two specimens, the effects of seismic forces were
introduced following a different loading pattern in each of the two speci
mens tested. In the first specimen, the lateral force and the change in
column axial forces (needed to reproduce the corresponding change in over
turning moment) were monotonically increased until a reduction in the lateral
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resistance could be observed. The second specimen was sUbjected to a his
tory of lateral shear and corresponding overturning moment that induced
gradually increasing cycles of full reversal lateral displacement with at
least 3 cycles at each displacement amplitude, Fig. 22. This loading pro
gram is considered to be the worst condition for shear resistance deteriora
tion.

TEST RESULTS - Only the main results obtained will be presented and
discussed herein. For a more detailed discussion. see Ref. 17.

Wall 1: The lateral force vs. displacement diagram is shown in Fig.
23. Except for a series of repeated reversals of load at the working load
level (simulating the effect of extreme winds or minor earthquake shaking),
it was planned to monotonically load the first specimen up to incipient
failure. Just after yielding (o3R ~ 1.0 in., Fig. 23), however. there were
some difficulties in the automatic control system and the specimen was un
loaded. The specimen was then monotonically reloaded up to a 03R ~ 2.7 in.
At this stage, there occurred some movement in the concrete reaction blocks;
it was therefore decided to unload the specimen and reload it in the oppo
site sense up to a displacement reversal great enough to ensure that after
unloading it became in equilibrium at a position close to that of the origi
nal, i.e. zero lateral displacement. After improving the anchorage restraint
of the reaction blocks, the specimen was subjected to a series of cycles of
full displacement reversals in the working load range. Considerable initial
stiffness deterioration was observed. It was then monotonically loaded up to
the point where a significant reduction in strength due to crushing of the
concrete in the wall, was observed (LP 158 in., Fig. 23, with a 03R ~ 4.25
in.). At this point, the specimen was unloaded to avoid collapse. After
unloading, a few cycles of full reversals at working load level were ap
plied, resulting in very stable hysteretic loops. The specimen was then
loaded in the opposite sense up to a 03R ~ -1.9 in., and then unloaded. This
loading reversal induced considerable further damage to the specimen, as
can be seen from the unstable hysteretic behavior in the working load range
that resulted when the specimen was finally subjected to loading cycles in
this range. The photos of Fig. 24 illustrate the damages induced at the
first story of this specimen at different stages of the test. Regarding the
overall behavior of this wall, the following main observations can be made:

(1) The envelope from LP 0 to LP 158 of Fig. 23 can be considered as
representing the behavior of the wall under a monotonically increasing load
because the unexpected unloadings and deformation reversals introduced were
not severe enough to significantly alter such behavior.

(2) The overall behavior up to near crushing of the wall was essen
tially that expected from a ductile flexural member.

(3) The observed experimental yielding strength of the specimen, i.e.
when overall stiffness became close to zero as that for LP 80, was PT = 215
kip. eM = 37,000 kip-in.) This load was about 17% higher than that esti
mated for the first yielding (V = 184 kip). This estimation was based on
the actual mechanical characteristics of the materials but assuming that
yielding was reached after all the tension column steel had yielded. Com
pared with the ACI Code's ultimate load value (V = 196 kip) predicted on
the basis of specified material properties and ~ = I, the observed value
is seen to be about 10% higher.
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(4) The nominal unit shear stress corresponding to the observed yield
ing load has been evaluated as vy = 692 psi = 9.5~. This observed nominal
shear stress is nearly twice the value (51:r;n expected according to the code
design forces.

(5) After flexural yielding at the first sto~r. the contribution of
the shear deformation to the total lateral displacement of the first story
began to increase considerably. as shown in Fig. 25. Considering that the
shear was constant throughout the height of the specimen. comparison of the
V-dl and V-d2 clearly points out the importance of the interaction between
flexural yielding and shear occurring at the first story.

(6) At first yielding. diagonal tension cracks existed throughout the
height of the specimen wall. These diagonal cracks were uniformly and
closely spaced at about 3 in. and inclined at approximately 45° (see Fig.
24). Although the width of these cracks was small in the second and third
stories. some of the first story cracks opened up considerably at this stage
of loading.

(7) Crushing of concrete began at the bottom part of the compressive
edge column at a ductility displacement of about 3 (LP 88) at a load of
about 235 kip. The crushing of the concrete column cover, however, did not
affect the lateral load carrying capacity of the specimen and it was possible
to increase lateral load to a value of 248 kip (LP 157-158). At this level.
crushing of concrete was observed at the lower left corner of the first story
wall. As soon as the concrete of the wall began to spall, the reinforcing
bars in this spalling region buckled and the load resistance decreased.

(8) At the maximum load of 248 kip, the nominal unit shear stress was
11. 31fT. i. e. more than 2.2 times the value expected according to the code
seismic design forces.

(9) The maximum displacement ductility factor was 6.1 which corre
sponded to a total (tip) maximum displacement of 4.25 in. The contribution
of the different sources of deformation to this total displacement can be
seen in Fig. 26. Contribution of the shear deformation amounted to 35%.
The maximum first story displacement was 1.74 in. which corresponded to a
~ ~ 7.2. The contribution of the shear deformation to this first story dis
placement was 71%.

(10) The maximum story drift indices at working load, yielding and max
imum resistance were 0.002. 0.008 and 0.036. respectively. All of these
occurred at the top story. The first story drift at maximum resistance
was similar to that obtained at the top story.

(11) The maximum inelastic rotation was 0.02 rad. This inelastic ro
tation was due to yielding of the tensile column steel which extended for
a length of about 60 in., i.e. close to 4/5 the effective specimen depth.

Wall 2: As illustrated in Fig. 22, this specimen was tested under re
peated reversals of lateral load and of the corresponding overturning mo
ment, where the peak value of the load and/or deformations was gradually in
creased after 3 or 4 cycles at the same value. The hysteretic behavior of
the specimen under this kind of excitation (perhaps the most critical one
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that can be expected regarding shear), is illustrated by the hysteretic
loops shown in Fig. 27. By examining these loops and other data obtained
from these tests, and comparing them with the envelope obtained from the
test of Wall 1, it becomes clear that behavior under monotonically increas
ing loads is affected by repeated reversals of lateral loads as follows:

(1) The yielding strength was unaffected.

(2) One cycle of reversal at the yielding strength level induced con
siderable degradation in initial stiffness. After three cycles at yielding
(ll = 1), the natural frequency of vibration dropped from 39.5 (before test
ing) to 18.5 hertz. This could occur only due to a reduction in stiffness
of more than 4.5 times.

(3) Each time the absolute value of the peak deformation of'a hyster
etic loop was increased, there was a degradation in the initial stiffness
and energy dissipated during the following cycle as compared with the value
in the previous cycle.

(4) The ultimate strength was minimally affected (245 kip vs. 248 kip).

(5) Whereas the tip displacement ductility factor, ll, was reduced by
about 35% (from 6.1 to 4.2), ]l for the first story was reduced by 27% (from
7.2 to 5.3).

(6) Although the mechanism of failure was not significantly affected,
crushing of the concrete at the wall corner and the buckling of the wall
reinforcing were accelerated by the repeated cycles of deformation rever
sals. No crushing of concrete at the column cover was observed until the
wall concrete crushed. The entire column cover split after the crushing of
the wall concrete due to dowel action. (The column was SUbjected to dowel
action in the band wherein this wall concrete had crushed and the wall rein
forcing bars had buckled.) During the reversal after the lower left cor-
ner of the wall crushed (LF 129), the concrete in the right lower corner
also started to crush (LF 133). During the next cycle of reversals, the
concrete crushed and spalled all along a band extending horizontally through
the wall about 10 in. from the footing (Fig. 28). At this stage, practically
all the shear was resisted by dowel action offered by the confined core of
the edge columns, which began acting as short columns of a frame, Fig. 29.

(7) The repetition of cycles of full reversals led to a concentration
of deformation at the first story. This can be seen by comparing Figs. 27
and 23.

(8) The contribution of the shear deformation to lateral displacement
was increased by the effect of deformation reversals, as can be seen by
comparing Figs. 30 and 31 with Figs. 25 and 26.

(9) Although the tests on the two specimens were stopped after a con
siderable decrease in lateral resistance was observed, both specimens were
capable of resisting the effect of gravity loads, since the edge columns did
not fail.

According to the above observations, the repeated full reversals
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of deformations not only soften the wall but also significantly reduce its
ductility. Free vibration tests, carried out on Wall 2 after testing with
deformation reversals, indicate that the natural frequency was reduced to
8.5 hertz. This means that after crushing of the wall, the stiffness was
about 22 times less than that of the virgin specimen. This is not surpris
ing since after the termination of the series of tests just reported, the
initial structural wall system was converted to a syEtem with a soft moment
resisting first story having very short columns (see Fig. 29).

Damping: Several free vibration tests were carried out on Wall 2 to
determine the effect of progressive damage on the dynamic characteristics of
this type of structural system component. The main results are summarized in
Table 5. Analysis of these data reveals the following:

(1) Small amplitude tests such as the so-called "Ambient Dynamic
Tests," resulted in a somewhat greater natural frequency and considerably
lower values of critical coefficients of damping than did large amplitude
free vibration tests. Caution should therefore be taken when applying re
sults obtained from ambient dynamic measurements taken at extremely low
level signals.

(2) The damping coefficient increased from 2.7% to 9.1% after the spe
cimen was subjected to reversals between peaks equal to or less than its
yielding strength. This increase was due to large amounts of friction that
took place along the numerous diagonal tension cracks developed in the walls
along the entire height of the specimen.

(3) The damping coefficient corresponding to the stage of maximum re
sistance (after the apparent failure of the wall) was 39% less than that at
yield level (5.6 % vs. 9.1%). This, at first sight, surprising result of
decreased damping with increased damage can be explained by the fact that
the damage introduced converted the initial wall system into a system with
a soft partial first story moment-resisting frame (Fig. 29). During the vi
bration test, after failure of the first story wall, all the deformation
occurred along the first story band where the wall concrete had crushed and
spalled. Therefore, no great amount amount of energy was dissipated along
the diagonal tension cracks that were distributed throughout the rest of
the wall.

CONCLUDING REMARKS - From the results obtained in this series of tests,
it can be concluded that it is possible to design structural wall components
capable of developing large ductilities even when subjected to reversals in
ducing nominal unit shear stresses up to IllfJ". Although the total lateral
displacement ductility was reduced due to reversal, from 6.1 to 4.2 (7.2 to
5.3 for the first story), it is still considered large enough to permit the
development of energy absorption and energy dissipation capacities exceeding
even those that would be demanded in the case of very severe earthquake
shaking. Furthermore, even at this large ductility, the confined core of
the columns remained sound and capable of resisting both the effects of
axial forces imposed by the gravity load, and of lateral loads in the work
ing load range.

ASEISMIC DESIGN IMPLICATIONS OF OBTAINED HYSTERETIC BEHAVIOR - In spite
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of the limited amount of data obtained, these data, together with the
studies carried out in planning and conducting this research, enable the
fOllowing observations regarding the design of frame-wall structural systems
to be formulated. ~ese observations, however, should be considered as
tentative and subject to modification as more data become available.

(1) Present code design specifications (regarding design forces, load
factors, and design and detailing of critical regions) can lead to a wall
design which considerably underestimates the amount of shear that can ac
tually be developed. For design purposes, walls should be classified in
at least two groups, flexural walls and shear walls. The design of flex
ural walls against shear should be based on the maximum shear that can be
developed according to the flexural capacity of the critical region, and
the largest shear/bending moment ratio that can be developed in the critical
region according to the expected dynamic response of the entire building to
severe earthquake ground motions of different dynamic characteristics.

(2) The main effects of repeated cycles of full deformation rever
sals with high shear on flexural walls, when compared with behavior under
monotonically increased loads, are very similar to those observed in the
case of beams: (a) large degradation in initial stiffness which increases
as the peak deformation (amplitude) of the reversal cycle is increased, and
(b) a reduction in the displacement ductility. It would appear, however,
that flexural walls of the type used in this investigation (i.e. with
spirally reinforced edge columns) can IDDre succesfully resist higher shear
reversals without large detrimental effects than beams. Reasons for their
superior behavior are suggested in the following discussion of the mecha
nism of failure.

(3) The mechanism of failure of the wall tested appears superficially
to be different from that observed in beams. For the beam, failure usually
occurred due to buckling of the main reinforcing bars; for the wall, failure
was triggered by crushing of the concrete in the wall. This crUShing ap
pears to be a consequence of shear rather than flexural compression. Final
failure of the wall specimen occurred by the fracture of the column rein
forcing spiral. A more detailed analysis of these failures indicates that
final ~ailure for both components is actually the consequence of the same
type of behavior: dowel action. The difference observed is a result of the
difference in the effectiveness of these dowel actions. In the case of
beams, dowel action depends on the main reinforcing bars alone and how they
are laterally restrained (spacing of ties). On the other hand, dowel action
in the walls tested was resisted by the whole confined core of the edge
columns because of the closely spaced spiral. The column main reinforcing
bars could not have buckled until the failure of the reinforcing spiral.

(4) In designing or analyzing a wall structural system in its "elastic
range," i.e. up to its yielding strength, it is possible to assume larger
damping than is presently assumed for this type of structural system. Note
that this refers to the damping developed by the bare structural wall com
ponent itself. The damping for the response of the entire building can be
affected by other sources of energy dissipation and these should also be
considered.

(5) ~e significant degradation in stiffness as well as the type of

- 92-



incipient failure that has been observed, throw some serious doubts on the
present code design philosophy of so-called "dual bracing structural sys
tems" (those haVing a UBC design for a K = 0.80). Most of the observed
degradation in stiffness is due to the damage that occurs at the first story
which is a conse~uence of the flexural and shear interaction after yielding
along the critical region. As a result of this concentration of deforma
tion, the wall component behaves like a system with a soft first story (Fig.
29). Because the behavior of the complete frame-wall system is usually con
trolled by the behavior of the wall component, the frame system will also
be forced to behave as a moment-resisting frame with a soft first story
(Fig. 32), rather than a ductile moment-resisting as assumed and re~uired

by the DEC.
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TABLE. I PRINCIPAL EXPERIMENTAL RESULTS
MEASURED VALUE OF

BEAM BEAM BEAM BEAM BEAM BEAM BEAM BEAM BEAM BEAM
35 46 43 33 33M 33MEI 33E2 351 33L 33LR3

Flex. Crack Load (k) 22.0 23.0 23.0 20.0 15.5 15.5 25 20
Diag. T. Crack. Load (k) 55.0 60.0 65.0 30.0 39.0 40.0 30.0 30 30
Yield Load (+ dir.) (k) 117.0 117.0 120.0 130.0 130.0 130.0 125
Max. Load (+ dir.) (k) 125.0 137.0 160.0 163.0 168.0 100.0 170.0 169.0 150 150
Yield Load (- dir.) (k) 115.0 116.0 119.0 122.0 135.0
Max. Load (- dir.) (k) 127.0 131.0 158.0 153.0 148.0 172 .0 182.0 177 .0 160 158
Yield Displacerrent (in) 0.76 0.75 0.60 0.00 0.00 0.80 .8
Max. Disp1acerrent (in) 2.52 2.50 3.75 4.20 4.00 4.86 4.91 5.10 4.8 6.5
Max. Displ./Yield Displ. 3.32 3.33 6.26 5.25 5.00 6.08 6.14 6.40 6.0 8.1
Max. Shear Stress (psi) 5.3~ 5.7~ 6;0~ 5.8~ 5.8~ 6.2~ 6.2~ 6.2~ 5.5~ 4.91fT'

c

1 Beam 33M after repair by epoxy injection.

3 Beam 33L after repair by epoxy injection.
2 Beam 33M after additional repair by epoxy injection.

TABLE 2. SUMMARY OF ULTIMATE LOADS ON SHEAR WALL AT FIRST FLOOR
LEVEL OF TRANSVERSE FRAME OF 12 STORY BUILDINGS (13)

(a) .cr 318-71

{

1.40 + L7L
'0.75(1.4D+ 1.11 ± 1.87E)
0.90 ± 1.43E

(b) OOC-73

{

1.4D+ 1.7L
U· ,. 1.4(0 + L + E)

0.9D + L4E

(80)
(8b)
(8c)

Design forces acting on entire Axial Loa.d-

Loading shear vall on

Condition Bo=dary
Axial Bending Horizontal Element
Load (Overturning ) Shear

Jobment
(kipa) (ft-kips) (kip') (kins)

E•. (7a) @ nominal ncminaJ. 2110

Eq. (Th) 3260 46.800 930 G6Q)
Eq. (7e) 2340 ~ 950 3350

·Ass~ that the Tertical boundary elements resist a.l..l the
Tertieal stree.eII due to the de8ign dead,live " horizontal
{seismic} loads, l'll! provided in Section A 8.5.1.

*2.8oE shall be used instead of 1.4E tor the purpose of
calculating horizontal ahea.r stresses in the vall.

Design forces acting on entire Axial Load

Loading she&r va.l.J. on
Condition Axial Bending Horizontal Bo=dary

Load (Overturning) Shear Element

M::ment@

(kipa) (1't-kin,) (kin,) (kinR)

E•• (8.) @ nOll1inal nominal 2170

Eq. (8b) 4220 93.600 1860 ®
Eq. (8c) 2340 ~ (§) 3300

@Obtained by using a factor of 2.80 on E - to be used only
in calculations for shear.

TABLE. 3. MECHANICAL CHARACTERISTICS
OF MATERIALS

AT TIME OF TESTING
SPECIFIED

CHARACTERISTICS FOR DESIGN
WALL 1 WALL 2

(Age in D-,ya) (Age in Days)

Concrete
let Fl. 5300 (80) 5380 (162)

4000
Compressive

2nd Fl. 4990 (72) 5250 (154)
Strength @ 28 days

(psi)
3rd Fl. 4720 (63) 4860 (145)

Concrete Splitting Tenaile 484 (80) 506 (162)
Strength (1st Fl.) (ps i )

Concrete Flexural Tensile 639 (80) 650 (162)
Strength (1st Fl.) (pai)

Wall Steel
f y 73. 400 73,400 60 ,000

(112 Bars)
(pai) fma.x 105,800 105,800

Col. Long. Steel
f
y

72,.700 72,700 60,000

(N6 Ba.rs)
(psi) f=x 106,000 lrJ6,OOO

Col. S})ir..l
f y 82, 00 82,800 60,000

O'f~~i1 f
~

101,000 101,000 60,000
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TABLE 4. COMPARISON OF LOADING CONDITIONS FOR MODEL
DERIVED FROM ANALYZING PROTOTYPE STRUCTURES
USING DIFFERENT SEISMIC ANALYSIS METHODS

SIIf'LIFIED LOADING COHOITIONS SHEAR
FOR WALL SUBASSEloBlAGE P«)DEL SPAN

COMPUTED UL TIMATE FORCES BASED ON !llii)
FORCES ESTI~;E~1~~~U~~I~:RENGTH (~)

TABLE 5. FREE VIBRATION TEST RESULTS

* The free vibration of the specimen was initiated by hitting specimen
with hand.

** The free vibration of the specimen was initiated by pulling with 10 kips
lateral force and suddenly release it.

Small Amplitude Test* Lar~e Amplitude Test**

Specimen Stage of Loading Fre'luency Damp. Ratio Fre'luency ~amp. Ratio
(cPs) (%) (cps) (%)

Before Loading 39.5 2.7

SW2 After three yielding 23 2.5 18.5 9.1
cycles (llo = -1, 1)

After Failure 10 2.7 8.5 5.6

SW2R Before Loading 20 2.5 16.3 6.0

~
(2.0)

~
(2.8)

-.!ZL
(1.9)

--!1L
(1.1)

88K 2831<

B
223< '+-'42OOOI<.IN

195K

E
661< ~24OOK'IN

19~K

f- 127K-1 177."" 371.5K

1111
74K '-l-!9400K.1N i6O(""-420001<·IN

19!51< 19!51<

FIRST
MODE

UBC

UBC

METHODS OF
DETERMINING
SEISMIC FDRCES

f- 290K1 geK 293K

UU Ii 'fi
~~~~6~~E 31Si<""'-fJ62000K'IN 21!lK '+42000K-lN
SPECTRUM I9!IK I9llK
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6 HYSTERETIC BEHAVIOR OF REINFORCED CONCRETE SHEAR WALLS

by

* ** ***Toshio Shiga , Akenori Shibata and Junichi Takahashi

ABSTRACT

The results of a laboratory investigation on the force-displacement re
lationship of single-story reinforced concrete shear walls are presented.
Seventeen medium-size shear walls were subjected to static loads represent
ing gravity loads and earthquake forces. The variables were the wall rein
forcement ratio, the level of gravity load and the loading history.
The characteristics of cyclic hysteresis loops under various types of load
reversal and their envelope curves are investigated.

INTRODUCTION

In the inelastic earthquake response analyses of building structures,
the force-displacement relationship is one of the important problems. Espe
cially, in case of reinforced concrete structures, the force-displacement
relationship depends on the loading history such as deflection amplitude,
and a number of cyclic loading in the previous stage. Though reinforced
concrete shear walls are the very important elements in building structures
to resist earthquakes, experimental data on the hysteretic behavior of rein
forced concrete shear walls are quite few.

To investigate these points, a series of cyclic loading tests of medium
size reinforced concrete shear walls were conducted. In this report, the
effect of loading history, i.e., deflection amplitude and a number of cyclic
loading, on the hysteresis loop of reinforced concrete shear walls is re
ported.

TEST SPECIMENS

The test specimens were designed to represent a single-story reinforced
concrete shear wall. Figure 1 shows the model shear wall's configuration
and reinforcing arrangements. Table 1 shows the material properties of con
crete and reinforcements used for the test specimens. The reinforcement
ratio of the column and beam are 4.23% and 1.69%, respectively. The shear
reinforcement ratio of the column and the beam are 0.18% and 0.10% for the
test specimens WB-1N8, 0.18% and 0.18% for the WB-9 N 17, respectively. Two
kinds of test specimens, of which wall reinforcements ratios, Pw' are 0.25%
and 0.50%, were tested. The wall reinforcements ratios are same in vertical
and horizontal directions.

The initial stiffness of the test specimen (0.25%, wall reinforcement

* Professor, Faculty of Engineering, Tohoku University, Sendai
** Associate Professor, Faculty of Engineering, Tohoku University, Sendai
*** Assistant, Faculty of Engineering, Tohoku University, Sendai
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ratio) for zero axial load calculated from the dimensions of the specimen
shown in Fig. 1 with the loading conditions in Fig. 2 is as follows.

P K P h2 { 1 + 1 } P _ 1
R = G Aw + 3EI = 4.75xl07 ·18.lxlO' - 3.76xl07 P

where R
P
h
Aw=

E
G
K
I

translational angle at beam level
lateral load at beam level
height of wall
effective shear area
modulus of elasticity for concrete
modulus of rigidity for concrete
shape factor of section
moment of inertia

rad.
ton
cm
cm2

2l0t/cm2

90t/ cm2

which gives P/R=3.76xl04 t. The lateral load for R=0.lxlO-3 rad. is 3.76t.
The ratio of shear deflection to flexural deflection is 0s:of = 1/4.75:
1/18.1= 1:0.26. The cracking load of the wall, calculated using concrete
strength Fc=160kg/cm2 and shear cracking stress Tcr=Fc/lO, is as follows.

P = Aw Tcr
cr K' 49~~i~ = 6.84t

The cracking deflection calculated from the initial stiffness mentioned
above, is Rcr=0.18xlO- 3rad. The cracking load and deflection for bending
are Pcr=9.5t and Rcr=0.25xlO- 3rad., respectively.

TEST PROCEDURE

The test specimens were placed vertically in the loading rig. The con
crete base block of the test specimen was firmly fastened to the rigid test
ing floor. The lateral load was applied at the beam level and the axial
loads were vertically at the top of the columns. Oil jacks were used for
loading. Figure 2 shows a schematic diagram of the loading rig.

The deflection of the test specimen was measured at the beam level with
mechanical dial gauge. The lateral load applied at the beam level, was mon
itored using a load cell instrument with wire strain gauge. The total axial
load was manually controlled to keep a constant value, even if the test
specimen was made to deflect.

Table 2 shows the loading program for each test specimen. As shown in
Table 2, the several different deflection amplitude and the number of load
ing cycles were scheduled.

The total axial loads, N, were Ot, 20t and 40t. The axial load of 20t
was equal to one-third of the compressive strength of the columns, which
was the sum of the strength of concrete and that of reinforcing steels.

EXPERIMENTAL RESULTS

Typical examples of the hysteresis loops are shown in Figs. 3-9.
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The loading programs are as follows.

1) The specimen is subjected to symmetric cyclic deflection with the
amplitude corresponding to the maximum load. (Fig.4, WE-I)

2) Similar to case 1), except that the deflection amplitude is one
half of that in case of 1). (Fig.5, WB-2)

3) The deflection amplitude is incrased symmetrically step by step.
(Fig.6, WE-3)

4) Similar to case 1), except that after the hysteresis loop is stabi
lized for the cyclic loading, the deflection amplitude is decreased symmet
rically at first and then increased symmetrically to the initially experi
enced deflection amplitude step by step. (Fig.7, WE-12)

5) The deflection in the positive direction is kept constant at a large
amplitude and the deflection in the negative direction is increased from
zero up to the same deflection amplitude as that in the positive direction
step by step. In the last step, it becomes similar to the case of the sym
metric loading. (Fig.B, WB-13)

6) Similar to case 5), except that the amplitude in the negative di
rection is decreased step by step. (Fig.9, WB-14)

7) Random unsymmetric loading simulating earthquake response.
(Fig .10, WB-l7)

Figure 11 shows the virgin curves for the first cyclic loops of various
amplitude levels.

From the hysteresis loops obtained by the cyclic loading with the
constant symmetric deflection, the equivalent stiffness Keq and the equiv
alent viscous damping factor heq are obtained. Relation of the Keq and
he to the cyclic deflection amplitude and the number of cyclic loading are
sh~wn in Figs. 13 and 14. In these figures, the mean values of the positive
and negative direction are plotted.

The Keq is defined as the slope of the line connecting the peaks of
the hysteresis loops. The h eq is related to the ratio of the dissipated
energy to potential energy. The dissipated energy is indicated by the area
of the hysteresis loop.

The nominal shear stress, the deflection at both the shear cracking
load and the maximam load are shown in Table 2.

DISCUSSIONS

1) When the deflection for cyclic loading is increased to a new larger
level, the first hysteresis loop shows a spindle shape and closed large
area. After second cyclic loading for the same deflection amplitude, the
area enclosed by the loop becomes smaller and the shape becomes inverse
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s-shaped as the number of cyclic is increased. The equivalent stiffness
reduces mainly in the first few cycles. The loop is stabilized after sev
eral cyclic loading.

The same results are obtained for unsYmmetric loading.

2) When the cyclic deflection is decreased and then increased sYmmet
rically to the previous deflection level after the hysteresis loop is sta
bilized by cyclic loading at a large amplitude, the hysteresis loops show
almost the same shapes as that of the hysteresis loop stabilized by the
initially experienced deflection amplitude.

The same is the case for the unsymmetric loading.

3) In the case of symmetric loading in which the cyclic deflection
is gradually increased, the envelope curve of the peaks of the first hys
teresis loops at the initially experienced deflection is nearly consistent
with the load-deflection curve of monotonically loaded specimens.

4) When the cyclic deflection in the negative direction is increased
step by step keeping the deflection in the positive direction constant,
the envelope curve of the peaks of the first hysteresis loop in the nega
tive direction is similar to that obtained for symmetric loading.

5) When the load is reversed in the region beyond the shear cracking
deflection or the deflection for maximum load in one direction, the hys
teresis loop tends to aim at the previous maximum deflection point in the
other direction. But when the deflection in one direction between the
shear cracking and the deflection for maximum load and the previous maximum
deflection point in the opposite direction is not beyond the shear cracking
deflection, the hysteresis loop tends to go toward the shear cracking point
in the opposite side. When the deflection in one direction is larger than
the deflection for maximum load and the previous maximum deflection point
in the opposite side is not beyond the shear cracking deflection, the hys
teresis loop tends to aim at the deflection point for maximum load.

6) In case of symmetric loading with constant amplitude, the load is
decrased by the cyclic loading. The ratio of the equivalent stiffness of
the stabilized hysteresis loop to the first hysteresis loop is not so much
influenced by the level of deflection and the loading history.

7) In case of symmetric loading, the equivalent viscous damping factor
are about 0.10 for the first hysteresis loop and about 0,05 for the stabi
lized hysteresis loop. The value for the stabilized hysteresis loop is
not so much influenced by the number of cyclic loading and the deflection
amplitude.

8) At the shear cracking load, the nominal shear stress was 0.07~0.17

Fc (average O.lOFc) and the deflection was 0.36N O.57xlO- 3rad. (average
0.46xlO- 3rad.). The nominal shear stress was approximately l/lOFc ' but
the deflection was larger than the calculated value.

At the maximum load, the nominal shear stress was 0.19NO.46F~ (average
0.31Fc ) and the deflection was 3.9~7.lxlO-3rad. (average 5.2xlO- rad.).
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9) The characteristics of the hysteresis loop mentioned above are
scarcely influenced by the wall reinforcement ratio and the axial load of
the columns.

CONCLUSIONS

The cyclic hysteretic behavior of single-story reinforced concrete
shear walls are investigated under various loading histories.

The results suggest that the force-displacement relationship of the
reinforced concrete shear walls can be modelized by the combination of the
envelope curve and the appropiate hysteresis loops corresponding to the
deflection levels.
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Table 1 Mechanical Characteristics of Materials

Concrete Reinforcement
Compressive Main Shear

Hark Strength Yield Max. Yield Max.
Fc Stress Stress Stress Stress

(kg/cm2 ) (t/ cm2 ) (t/cm2 ) (t/cm2 ) (t/cm2 )

WB-J,2 188
3,4 164

3.9 5.65,6 151 3.0 4.1

7,8 156
9,10 173

11,12 169
13,14 173 3.3 5.2 5.4 5.8
15,16 119 (0.2%0.S.
17,18 102
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Table 2 Principal Experimental Results

Parameter Crackinll: Maximum
Axial Wall Reversed Shear De£.

Shear De£.
Mark Load Reinf. Deflection Stress Stress

N Ratio R ( )*
(kB/ctf.;

R R
(t) (%) (x10 -I rad. ) (kg/ cilt

WE-I 4 (30)-10 (2) 11. 3 0.36 35.7 4.00
2 2(30)~4(10)~10(10) 12.7 0.47 37.9 4.06
3 0 0.25 0.5(30)-2(10)~4(10)~10(2) 15.1 0.50 42.5 7.14
4 10(1)-20(one way) 11.5 0.36 46.6 7.14
5 16.9 0.53 68.8 7.14
6 0 18.5 0.37 48.8 3.90
7 20 0.50 same as WB-1 21. 3 0.37 62.5 3.87
8 40 20.6 0.57 57.9 4.00
9 10(l~20(one way) 13.3 0.43 49.5 5.70

10 11.5 0.33 48.9 5.70
11 16.5 0.43 56.8 7.70
12 21.1 0.50 68.2 7.90
13 20 0.25 see Fig. 3

14.7 0.50 44.2 4.00
14 15.9 0.57 41. 6 4.00
15 13.9 0.50 26.6 2.00
16 11. 9 0.44 27.6 2.00
17 9.5 0.43 39.6 7.43

;, ( ): number of loading cycles

Fig. 3 Loading Programs (Displacement History)
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7 STRUCTURAL WALLS SUBJECTED TO SIMULATED EARTHQUAKES

by

Mete A. Sozen* and Shunsuke Otani**

SYNOPSIS

This is a progress report on recent tests at the University of
Illinois, Urbana, investigating the earthquake response of multistory
structural walls.

INTRODUCTION

During the past four years, four different series of physical models,
incorporating structural walls, have been subjected to simulated earth
quakes at the Structural Laboratory of the University of Illinois. The
overall objective of all four series of tests is to study the dynamic
response characteristics of reinforced concrete structural walls in order
to develop conceptual models of two types: (a) elaborate theoretical
models to permit detailed analysis and interpretation of the individual
test results as well as to enable parametric studies for generalizing the
results of the tests, (b) relatively simple theoretical models intended for
analysis related to earthquake-resistant design of reinforced concrete
structures.

This report provides a brief overview of the nature of the tests and
some of the results.

As shown in Fig. 1 , each test structure comprised at least a pair of
parallel and identical elements. The uniaxial simulated earthquake motion
was applied in a horizontal direction parallel to the plane of the struc
tural elements. The number of mass concentrations along the vertical axis
ranged from three to ten. Consequently, the series described below are
classified as having either three stories or ten stories.

The first series of test structures had solid walls. Each wall had
a thickness of one in. and a depth of 18 in.,and extended in the vertical
direction for three-stories of 18 in. each. Individual story masses
weighed approximately 2000 lb. The series consisted of four test struc
tures subjected to simulated earthquake motions, and two test structures
subjected to static loading in order to investigate hysteresis character
istics.

*University of Illinois, Urbana, Illinois, U.S.A.
**University of Toronto, Toronto, Ontario, Canada
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The second series of tests included structures similar in overall
dimensions to the first series except that the walls had six perforations
similar to the ones shown in Fig. 1. The number, weight, and location of
the masses were the same as in the first series. Six such test structures
were subjected to simulated earthquake motions and one to static loading.

The third series also included structural walls only, but the overall
dimensions were different from the first two series. Each test structure
consisted of two perforated walls of ten stories (Fig. 1). The masses at
each story (story height = 9 in.) weighed 1000 lbs. This series included
four test structures subjected to simulated earthquake motions. Static
force-displacement characteristics were investigated using "coupons" of the
beam-wall connections.

The fourth series was designed to investigate the interaction, under
idealized conditions, of walls and frames. Of the four test structures in
this series two comprised pairs of three-story frames while the other two
had centrally located single solid shear walls working in parallel with the
frames. Story masses were approximately 2000 lbs. The dimensions of the
frames and the wall are shown in Fig. 2. The connection between the frames
and the walls required that only the deflection be the same at the three
floors.

The small scale reinforcement used for constructing the models ranged
in yield stress from 40 to 50,000 psi. The compressive strength of the
concrete was nominally 4500 psi.

All specimens were detailed to minimize the effects of distress related
to bond or shear within the structural elements or at the joints. No shear
failures were observed.

The base motions used in the dynamic tests were scaled versions of
the NS component of the 1940 El Centro (Imperial Valley earthquake) and the
N21E component of the 1952 Taft records (Kern County earthquake), as described
in ref. 1. In order to excite the test structures, which have considerably
shorter periods than ordinary structures, the time axis of the record was
compressed by a scale of 5 or 2.5 depending on the type of the model. The
value of the effective peak acceleration was varied depending on the
strength of the specimen. Each test structure was usually subjected to
a series of earthquake motions of increasing intensity. Wherever necessary
in this paper, the intensity of the base motion is described by spectrum
intensity (2) calculated for a damping factor of 20 percent of critical and
over a frequency range of .04 to 1.0 sec for motions with a time scale of
2.5 and .02 to 0.5 sec for motions with a time scale of 5.

VARIATION OF FUNDAMENTAL FREQUENCY

One of the critical characteristics of the response of reinforced con
crete structures to earthquake motions is the change in the effective
fundamental frequency. This was readily evident in the dynamic tests of
the structural-wall models. Some of the observed results in the first
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three series of tests are summarized in Fig. 3. In order to provide a mea
sure of nonlinear response, the measured fundamental frequencies, obtained
from free vibration tests at low amplitudes, are plotted against the
double-amplitude displacement measured at the top level of the test struc
ture. It should be noted that a particular definition of the yield dis
placement, correspondirig to first-mode distribution of story forces, would
be approximately 0.5 in. for the solid three-story walls, 0.8 for the
three-story perforated walls, and over 1.25 in. for the ten-story perforated
walls. In general, the variation in the fundamental frequency was propor
tional inversely to the square root of the ductility attained or square
root of the ratio of the maximum displac~ment to the yield displacement for
a force distribution corresponding to the first mode.

In a given test, it was generally observed that the reduction in fun
damental frequency occurred very early: the specimen responded to the
excitation as a function of its stiffness characteristics as measured at
the end rather than befare the beginning of a particular test. This
phenomenon occurred with both types of ground motion (El Centro 1940 and
Taft 1952) and would be expected to occur generally unless a particular
ground motion contained relatively very strong acceleration pulses toward
the end of its duration.

It was a general characteristic of all test specimens that the initial
measured frequency, obtained from a very-small-amplitude free-vibration
test, was smaller than the frequency calculated from the geometrical and
mechanical properties of the uncracked test specimen, including credible
flexibilities introduced by the connection to the test ~latform and by the
test platform.

DYNAMIC RESPONSE OF TEST STRUCTURES WITH SOLID WALLS

Figures 4a and 4c show measured records of base moment, base shear,
and lateral displacement obtained during a test of one of the three-story
structures with solid walls. The base motion, modeled after El Centro
1940 is shown in Fig. 4a. Its spectrum intensity, SI 20 , was 5.2 in. The
motion was strong enough to initiate yielding at the base of the wall
within the first half second of the test.

As would be expected in a simple and uniform structure of this type,
the critical strength criterion, the base moment, is dominated by the first
mode as are the displacements. Zero crossings of the response signals
indicate a fundamental frequency of approximately 4.4Hz throughout the test,
as compared with the fiee-vibration frequency of 9.5Hz measured immediately
before the test. Another significant feature is the rather abrupt reduction
in response during the relatively weak periods of the ground motion, indi
cating the capability of the system to dissipate energy.

Figures 4b and 4d contain responses calculated using the recorded base
motion and a naive model: a linear model of the test structure with
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a fundamental frequency equal to that measured after the test and an
arbitrary damping factor of 0.10. What is significant in the close compari
son of the measured and calculated waveforms, qualitatively and quantitatively
as well as throughout the duration of the strong motion, is not the desire
ability of the particular model, which was based on a frequency observed in
the test and a damping factor obviously selected to fit, but the fact that
such a simple model can reproduce the test response reasonably well in periods
of strong as well as relatively weak base motion. (Naturally, the linear
model does not reproduce the permanent displacement at end of test.) The
comparison illustrated was typical for all test structures in this series.

RESPONSE OF TEST STRUCTURE WITH PERFORATED WALLS

The portions of the wall between perforations may be considered as
connecting beams spanning between two independent structural walls. For
both series two and three the strength and, in one instance, the stiffness
also of the connecting beams were varied. In series two this variation was
considerable. The effect of this variation on overall building response is
discussed below.

Figure 5a shows the base overturning moment for three test structures
of series two. (It should be noted that the scale for the top plot of base
moment is not the same as those for the bottom two.) The measured base
moments recorded in Fiq. 7a refer to three structures and are arranged in
decreasing order of connecting-beam strength. The reduction in beam strength
is reflected in the maximum overturning moment reached in each test.

Figure 5b shows the top floor displacements. All structures were sub
jected to earthquakes of equal intensity and type. It is seen that although
the beam strength and, therefore, the base moment capacity of the structure
varied perceptibly, the maximum displacements of the structures were insensi
tive to it. From the viewpoint of drift, the structure with weak beams
responded as well as the structure with stiff and strong beams.

Similar phenomena are shown for the ten-story structure in Fig. 6.
Structure Ml, with the stronger connecting beams, had a maximum lateral
displacement comparable to that of structure Dl with the weaker beams. Both
structures were subjected to virtually identical base motions.

The strength of the beams did, however, have a profound effect on the
mode of failure in later test runs with more intense base motions. The test
structures, of both series one and two, with the stronger connecting beams
had a tendency to have more violent failures resulting from normal stresses
in the walls at the base of the structure.

RESPONSE OF FRAMES COMBINED WITH WALLS

One of the interesting opportunities of earthquake simulation in the
structural laboratory is testing a model structure with a series of
increasingly more intense earthquake motions rather than a single strong
motion causing local or total failure. The use of this technique raises
the question of whether the initial low-level motions affect the response of
the test structure so as to cause extraneous effects in the event of the
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major test run. In Ref. 4 it was concluded from the behavior of a series of
structural models and from supporting analytical studies that, provided
serious local structural failures have not taken place, such a progressive
testing procedure did not affect the results of the final test run.

In order to check this conclusion, the two test structures in series
four which comprised only frames were tested in two different patterns.
Structure FFl was subjected directly to a damaging motion whereas the
structure FF2 was subjected to a series of three increasingly stronger
earthquake motions, the last one being comparable in intensity to the
single test motion for FF1.

Figure 7 compares the acceleration response histories for the two test
structures. Figure 7a gives the results for the structure which was sub
jected directly to an intense earthquake motion. Figure 7b shows corres
ponding measurements for the structure which was subjected to two prior test
runs of smaller intensity. (The spectrum intensities for the three con
secutive motions were 4.2, 8.5 , and 16.5 in.)

The acceleration-response waveforms at all three levels were virtually
identical, indicating that the previous history of structure FFl with
simulated ground motions of lower intensity did not change its response
for run 3 measurably from what it would have been if it had been subjected
to the motion of run 3 directly.

Figures 8 and 9 show the measured base motion, accelerations, base
shear, and displacements for test structure FWl which is comparable to FFl
and FF2 except for the addition of a centrally located slender structural
wall.

For the moderate base motion of run 1 (Fig. 8), the influence of the
slender wall is relatively subtle but important. As illustrated in Fig. 10,
the maximum displacement at a spectrum intensity of approximately six in.
is reduced by one half with respect to that of the frames alone. For the
extremely intense motion of run 3 (Fig. 9) the slender wall had relatively
little effect because it was heavily damaged at the base at the end of run 2.
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Fig. 1 Ten-Story Structural-Wall Model
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8 EXPERIMENTAL AND ANALYTICAL STUDY ON

REINFORCED CONCRETE CHIMNEYS

by

I II
Yutaro Omote and Toshikazu Takeda

SYNOPSIS

This paper is concerned with the tests and analyses of reinforced
concrete chimneys subjected to strong earthquake ground motions. One
objective of the investigation is to develop a realistic mathematical
model for the calculation of non-linear response of reinforced con
crete chimneys. In order to find a suitable model, one must first
establish the moment-curvature relationship for a reinforced concrete
cylinder subjected to full reversals of bending. For this purpose,
four physical models of chimneys were tested on an earthquake simulator
and non-linear response analyses were conducted using the sub-element
method proposed in this paper. Static and dynamic test results show
good agreement when compared with analytical predictions.

I INTRODUCTION

1.1 STATEMENT OF THE PROBLEM

The behavior of reinforced concrete chimneys subjected to strong
base motions is not yet well defined or understood. All structures,
especially reinforced concrete structures, exhibit varying amounts of
non-linearity, even at the so-called small displacement stage. In
order to develop a realistic model for the mathematical representation
of reinforced concrete chimneys subjected to strong earthquakes,
simplified models are necessary and their validity should be experi-
mentally investigated and analyzed. This report is concerned with
tests and analyses of reinforced concrete chimneys subjected to strong
earthquake-like motions. The whole aspect of this study is shown in
Fig. 1.1.

1.2 OBJECT AND OUTLINE OF THE EXPERIMENTAL PROGRAM

The object of this work was to establish non-linear analytical

I
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methods for reinforced concrete chimneys subjected to strong earthquakes.
In order to find a suitable mathematical model, three kinds of model
specimen tests were conducted as follows:

Specimen Model M was a simple beam of cylindrical reinforced con
crete subjected to reversal of bendings. The analysis is based on
the stress-strain relationship of concrete and reinforcement, and the
moment-curvature relationship between the test results and the calculated
results is discussed. From these experimental and analytical results,
the behavior of a reinforced concrete cylinder subjected to reversal
of bending moment under constant axial load can be modeled by one of
the degrading tri-linear types, as shown in Chapter 2.

Specimen Model CSF was a chimney model of reinforced concrete.
CSF was used mainly for the static horizontal loading test of reversal
and, in addition, for the free vibration tests during the reversal of
loadings.

Specimen Models CSR-l, CSR-2, and CSR-3 were also chimneys which
have the same dimensions as CSF, mentioned above. These CSR were
subjected to dynamic tests by the earthquake simulator which was
driven by an electro-hydraulic mechanism with servo valve. Before and
after every strong random vibration test of specimens CSR-l,2,3, both
free vibration tests and steady state vibration tests were conducted.
The input waves were El Centro, California, 1940 NS record, Tokachi-oki,
1968 Hachinohe-harbour NS record for random tests and strong sine-wave.
These experimental results for specimens CSF and CSR are discussed in
Chapter 3.

The non-linear response analysis method is presented in Chapter 4,
using the moment-curvature relationship of a reinforced concrete
cylindrical section determined from the results of Model M. The
static and dynamic test results are compared in Chapter S and good
agreement between the analytical and the test results is obtained.

II MOMENT CURVATURE RELATIONSHIP OF A REINFORCED CONCRETE CYLINDER

2.1 I~T~ODUCTORY REMARKS

This chapter discusses the behavior of a reinforced concrete
cylinder subjected to reversal of bending moments under constant axial
load. The simple beam model test and its exact analyses were carried
out, and finally the moment-curvature relationship was modeled by a
degrading tri-linear hysteresis loop in order to calculate the non
linear response of reinforced concrete chimneys.

2.2 STATIC TEST UNDER REVERSAL OF BENDINGS

2.2.1 SPECIMEN AND LOADINGS

Specimen Model M was Sm in length and 80cm in outside diameter
with a wall thickness of 8 cm as shown in Fig. 2,1. Both ends of the
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specimen were filled with concrete, and the hollow cylindrical part
in the middle was tested. The longitudinal reinforcement consisted
of l2-D16 bars in the hollow cylindrical region. The percentage of
reinforcement for this cross-section was p = 1.31%. Shear rein
forcement was 4~ - @ 100 (p = 0.2%) at th§ hollow part. The average
compressive strength of theSconcrete used was 243.7k /cm 2

. These
material properties are listed in Table 2.1. g

The reversal of bending test was conducted using the 300 ton
electronically balanced testing machine. In this experiment. the
number of loading cycles was eleven and the axial force was not
applied.

2.2.2 THE METHOD OF ANALYSIS

The method used to calculate the moment-curvature relationship of
a reinforced concrete cylinder subjected to reversal of bending under
constant axial load was based on the stress-strain relationship of
concrete and reinforcement. The assumptions adopted for the analysis
were as follows:

1. The section for analysis consisted of many concrete segments and
some steel bars as shown in Fig. 2.5(a).

2. A linear distribution of strain over the depth of section.

3. The stress-strain relationship for concrete was assumed to be as
shown in Fig. 2.6(a).

4. The stress-strain relationship for a steel bar was assumed to be as
shown in Fig. 2.6(b).

The calculation processes were as follows:

1. For the given curvature, a strain distribution over the section was
first assumed.

2. The stress distribution over the section was determined from Figs.
2.6(a) and (b).

3. The total force and the position of the center of gravity of the
concrete stress block were computed.

4. The equilibrium of the axial forces over the section was examined.

5. If the equilibrium was achieved within a given range, the moment on
the section was calculated. Otherwise. another strain distribution
was assumed and the same process repeated.

6. The calculation was repeated for the next specified curvature.

7. In this way, the moment-curvature hysteresis loop was calculated
for the specified curvature cycles.

2.3.2 SIMULATION ANALYSIS OF SPECIMEN MODEL M

Analysis was carried out on cycles Nos. 5. 6, and 8 in Fig. 2.4:
the specified curvature cycle for calculation is in Fig. 2.7. It was
assumed herein that there were forty concrete segments and the stress
strain relationship of the steel was assumed to be either the R-O type
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(a = 0.5, Y = 0.7) (CASE-I) or the elasto-plastic type (y
shown in Fig. 2.6(b).

(0) (CASE-2)

Figure 2.8 compared the primary curves from these calculated results
with those of the test results, which included the primary curve of the
Nos. 1,2,5 cycles. For the test, the initial rigidity was EI(m) = 2060
x 10 5 (ton·cm) and the calculated initial rigidity was EI(c) = 2205 x
105 (ton.cm). The measured cracking moment (Me) was 390(ton.cm); on
the other hand, the calculated result was 698(tbn.cm). Although the
difference between the observed and the calculated cracking moment was
large, after cracking, the calculated bending moment of the section
decreased for increasing curvature and then gradually increased because
of the rise of steel stress. Measured first yielding moment (My) of
the extreme edge bar at the tension side was 1040(ton.cm); on the
other hand, the calculated My was l255(ton.cm) in CASE-I, and was
l295(ton.cm) in CASE-2.

As for the primary curve, the test results were slightly larger
than the analytical before the yielding stage, but after yielding of
the bar, the test results were in between the calculated ones of CASE-l
and CASE-2.

Figure 2.9 compares the hysteresis loops for the cycles (Nos. 5,
6, and 8) with the corresponding analytical ones from CASE-I. Figure
2.9(a) shows the first cycle for yielding of the steel bars, and Fig.
2.9(b) shows the steady state cycle which has the same curvature
amplitude as Fig. 2.9(a). As for the hysteresis loop, when R-O type
(CASE-I) was assumed in the stress-strain relationship of steel bars,
the analytical results coincided reasonably with the test results in
this example.

2.4 ANALYTICAL MODEL OF THE MOMENT-CURVATURE RELATIONSHIP

In order to calculate the non-linear response of a reinforced
concrete chimney subjected to strong earthquakes, one of the degrading
tri-1inear type models was assumed in the moment-curvature relationship
of a section, and then this model was compared with the one calculated
in 2.3.

2.4.1 CRACKING STATE

The cracking moment (Me) and the curvature (l/p ) of the reinforced
concrete cylinder were assumed to be c

Me = (f . + N/Ae) x Zer

l/p = Mc/EIc
c

where f : tension strength of concrete
Nr : axial force
Ae: effective section area
Ze: effective section modulus
E : elastic modulus of concrete
I : geometrical moment of inertia of area

c
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2.4.2 YIELDING STATE

The yielding moment (My), defined as yielding of extreme
bar on the tension side, was calculated by A. I. J. standard.
assumptions were as follows:

edge
The

1. Linear distribution of strains over the depth of section
2. Linear stress-strain for compressive concrete.
3. Reinforcements over the section were assumed to be at the center

of thickness.

With these assumptions, the neutral axis of the section was
calculated first, then the equilibrium of the axial force was maintained
and then the yield moment (My) around the neutral axis was calculated.
Curvature at yielding stage was

l/p = (E + E )/d
y c c s y

where E : compressive strain of concrete at extreme fiber
c c

E : tension strain of steel bars at extreme edge
sdY: distance between the compressive extreme fiber of

concrete to the center of tension steel bars at
extreme edge.

2.4.3 ULTIMATE STATE

The ultimate state was defined as crushing of compressive
concrete. The assumptions were as follows:

1. Linear distribution of strains over the depth of the section
2. Stress-strain relationship for steel over the section was

assumed to be elasto-plastic.
3. Ultimate strain of compressive concrete was E = 0.4% and

Dr. Umemura's e-function was assumed in the ~t¥ess-strain
relationship of concrete.

(2.3)

With these assumptions, the convergence method was used in the
calculation of the ultimate moment (Mu) until equilibrium of the axial
force was achieved by changing the location of the neutral axis.
Curvature of the ultimate stage was

l/p = (E + E )/d
u c u s y

2.4.4 HYSTERESIS LOOP

(2.4)

It is necessary in the response calculation for chimneys subjected
to reversal of bendings to idealize the hysteresis loop for simplicity
and up to now, many types of loop have been proposed for the reinforced
concrete members. Here, a degrading stiffness loop was assumed as
shown in Fig. 2.10.
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2.4.5 COMPARISON OF IDEALIZED HYSTERESIS WITH EXACT SOLUTION

Figure 2.ll(a) shows the moment-curvature relationship of the
above mentioned model, both with the exact calculation presented in
2.3 and with the model test results in 2.2. Figure 2.ll(b) is
again a comparison between the model hysteresis and the exact solution
when axial load was applied. Although this assumed model showed
slightly larger energy absorption than that of the exact analysis
or experimental values, because of its simplicity and similarity, it
might be adequate for use for the dynamic response analysis presented
later.

III STATIC AND DYNAMIC TESTS OF REINFORCED CONCRETE CHIMNEYS

3.1 INTRODUCTORY REMARKS

This chapter presents the test results of reinforced concrete model
chimneys subjected to static horizontal load or strong earthquake-like
base motions. Test results of the deflection, periodicity, and dampings
of every damage stage of all the specimens were examined. Simulation
analyses under strong earthquake-like motions are presented in Chapter 5.

3.2 MODELS JL~D TESTS

The model chimneys were 3m in height, l8cm at the top and 28cm at
the bottom in diameter. The thickness of each specimen was 2.5cm at
every height. Four steel weights were mounted on a specimen equivalent
to the actual system. Figures 3.1 and 3.2 show the shape and dimension
of this chimney.

Four specimens were made. Three of them, named CSR-l, CSR-2, and
CSR-3 were for the dynamic tests and another one, named CSF was for the
static test. Main reinforcement for bending of each specimen was l6-4~
at every height, so the reinforcement ratio per gross section at the
bottom was Pq = 1.04%. Horizontal reinforcement for shear force was
1.6~ - @40(p = 0.2%). River sand mortar concrete in which the
largest size 8f sand aggregate was 2.5mm was used.

The steel weight at the top was l50kg, and the other three were
each 300kg, so the axial stress at the bottom was oN = 5.75kg/cm2

• The
material properties of each specimen are listed in Table 3.1.

The test program of each specimen is listed in Table 3.2. Two kinds
of test, statical reversal loading test (series S) and free vibration
test were (series F) used to test specimen CSF. The reversal loading test was
conducted by pulling the top steel weight in a horizontal direction
(see Fig. 4.3) with a steel rod, and when the maximum displacement was
attained, usually in the minus direction of each controlled loading
cycle, the steel rod was cut, giving the free vibration under the
first mode-like deformation of each damage stage, for the investigation
of any change of the first natural period and dampings.
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For every CSR specimen, there were three kinds of tests; the
strong vibration test (series R), the free vibration test at very small
power level (series F), and the steady state vibration test with low
sine-wave input of O.5Hz-50Hz (series S).

3.3 TEST RESULTS

Table 3.3 shows the list of test results for natural periods and
damping factors of the first to the third vibration mode and also the
rotation angle (max. displacement at the top/total height of chimney)
at every damage stage. Figure3.3 shows an example of crack pattern for
specimen CSR-2.

3.3.1 THE FIRST VIBRATION MODE

Figure 3.4 shows the relation between the rotation angle and the
ratio of the natural period measured at every damage stage (T I ) to the
calculated elastic natural period (To) of the first mode. Figure
3.5 shows the relation between T /T and the measured damping factors
(hI)' For the first mode vibration~ the following observations are
drawn from these two figures.

1. In general, the static test results and the dynamic test results
showed similar tendencies. After cracking of concrete, the natural
period of the first mode was longer than the elastic stage. The natural
period in the yield stage was about 1.5 times that in the elastic stage
in these tests.

2. For the specimen CSR alone, the natural period from the free
vibration test results was slightly lower than that from the steady
state vibration test.

3. The damping factor for the first mode was from 2 to 4 percent in
the elastic stage.

4. After cracking, damping for the first mode increased a little bit,
but after yielding, it was 4 to 5 times as much as that of the elastic
stage from the steady state test results.

3.3.2 THE SECOND AND THE THIRD VIBRATION MODE

The ratio of the second order elastic natural period T2 to the
first order T I was about T2 = O.22T I in this test. Figure 3.6 shows
the relation between the ratio of the natural period measured at
various stages (Ti, i=1-3) to the calculated elastic periods
(Toi, i=1,-3) for corresponding modes and the mode damping factor
(hi) measured from the resonance curve. The following conclusions
may be drawn for the higher mode vibration.

1. After cracking, the first natural period increased remarkably; on
the other hand, the increase of the natural period for the higher mode
was slight.

2. The damping factor for the second mode was nearly equal to that
of the first mode in the elastic stage, and after cracking the increase
for the higher modes was not as remarkable as the increase for the
first mode.
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IV ANALYTICAL MODEL OF A REINFORCED CONCRETE CHIMNEY

4.1 INTRODUCTORY REMARKS

The mathematical model of a chimney for response calculations is
a multi-lumped mass system. The reinforced concrete chimney is
divided into idealized sub-elements between masses. The evaluation
of non-linearity for a reinforced concrete chimney is presented below
taking into account the moment-curvature relationship with a degrading
tri-linear type of hysteresis loop. The validity of this method was
verified frrst by both the static reversal loading test of specimen
CSF and its analysis.

4.2 MATHEMATICAL MODEL AND FUNDAMENTAL EQUATION

A chimney, shown in Fig. 4.l(a) was idealized by the multi-lumped
mass system shown in Fig 4.l(b), for which both rocking and sway
effects at the base were considered. When the force-deflection
relationship between masses was assumed as in Fig. 4.l(c), Eq. (4.1)
was obtained

2EK .
01

(4.1)

(4.2)

where M
A

, M
B

: bending moment acting at A, <B

Q shear force between A and B

E elastic modulus of concrete

K standard unit stiffness
o

a,a' ,b: slope deflection coefficient of non-uniform member
(refer to 4.3)

c = -(a+b)/L, c' = -(a'+b)/L, d = -(c+c')/L

L length between A and B

u relative deflection between A and B

Equation (4.1) will be written in the matrix form as follows:

P. = K. d.
1 1 1

where K. is the member stiffness matrix between masses. The total
stiffne~s of the chimney can be calculated by the usual stiffness
matrix method, so the horizontal force-deflection relationship can
be expressed as

where horizontal load vector

horizontal stiffness matrix of the chimney

horizontal displacement vector.

- 142-

(4.3)



When the stiffness of some sub-elements was changed during the response
calculations, the member stiffness K. and total stiffness K

T
were

changed with step by step integratio~.

4.3 EVALUATION OF THE INELASTIC RIGIDITY

Non-linearity for the reinforced concrete chimney was taken into
account in the moment-curvature relationship of the sub-elements. That
is, first the member between masses was divided into "n" sub-elements
as shown in Fig. 4.2(a). When the end moments MA and ME acted at A
and B, the moment distribution altered linearly. However, the moment
of the sub-element was assumed constant with an average value as shown
in Fig. 4.2(a). The bending stiffness of each sub-element became EI.,(j=
I···,n). Let the standard rigidity in the elastic stage be EIa andJ

define the rigidity coefficient of each sub-element to be e. = EI./EI ,
then Eqs. (4.4) to (4.7) may be obtained J J 0

where

~
a '+ 'V r)(a '- y')BlAB

(a '-,')(0. '+y')
AB A

, r 2
- (a - Y )AB

•

(4.4)

a
A

,
3 a'/(aa' _ b 2)

(XB
,

3 a/(aa' b 2) (4.5)

(XAB
,

3 b/(aa' b2)

n
a = I p . q . 2/ e . ) /T

i=l J J J

a'
n

( I
j=l

p./e. - 2 I p.q./e. + I p.q.2/ e .)/T
J J JJ J JJ J

b

T p./e.) x (I p.q.2/ e .) - (I p.q./e.)2}
J J JJ J JJ J

(4.6)

y' 6 EK kK/S GAQ,
o
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For the chimney, almost all the deformation was due to the bending
effect and the shear deformation was slight. So when the shear effect
was neglected, that is y' = 0, parameter a, a', b in Eq. (4.6) could
be applied to Eq. (4.1) directly. The number of sub-elements of the
member between masses should be as great as possible; however, five
may be enough for practical use.

The validity of this method was verified first by the analysis
for the static reversal loading test of specimen CSF. Figure 4.3
showed an example of relation between the horizontal load (P) and
the top displacement of the chimney (Y4), and its analysis. The
calculated value (dotted line) on the curve and the damaged pattern
of the chimney agreed well with the test results in this case. The
method presented here may be available not only for chimneys but also
for structures such as bearing wall systems whose non-linearity cannot
be represented by the hinge method at the end of the members.

V SIMULATED DYNAMIC TESTS

5.1 INTRODUCTORY REMARKS

This chapter presents examples of simulation analysis of dynamic
tests subjected to strong earthquake-like motions. As shown in Table
3.2, the input waves for each specimen CSR-l, CSR-2 and CSR-3 were
from the El Centro 1940 NS record, Tokachi-oki 1968 Hachinohe harbour NS
record and 3Hz. sine-wave; the frequency of the latter was almost equal
to the resonance frequency at the yielding stage of this specimen. For
every specimen the test was repeated several times, changing the input
levels.

The aim of the tests with specimen CSR-l was to observe the
damage resulting from successive test runs with increasing input levels.
With specimen CSR-2 it was intended that the yield stage should be
reached from the elastic stage with only one strong test run. This
test was to be repeated once with almost the same strong input level.
Specimen CSR-3 was to be used to observe the resonance state in the
yield stage. Both the experimental and the analytical response results
for specimen CSR are presented in section 5.3 of this chapter.

Specifications of the shaking table were as follows:

Exiting force : 10 tons
Frequency: 0.1 - 50 Hz.
Vibration wave form sinusoidal, triangular, rectangular, arbitrarily

random waves
Vibration direction horizontal, one component
Max. amplitude ; 200 mm
Max. acceleration; 3G in case of no load, lG in case of full load of

10 tons
Table dimensions ; 3 x 4 x 1 m (W x L x H)
Table weight ; 5 tons
Supporting system; roller support
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5.2 ASSUMPTIONS FOR THE RESPONSE CALCULATION

The mathematical vibration equation for the response calculation
was assumed to have the form Eq. (5.1), and was solved by the linear
acceleration method with step by step integration.

[M]{Y} + [C]{Y} + [K]{Y} =-[M]{y }
a

where [M] mass matrix
[C) damping matrix
[K] ; horizontal stiffness matrix
{Y},{Y},{Y} ; mass acceleration, velocity, displacement

vector, respectively
{Yo}; base acceleration vector

(5.1)

The damping matrix [C) in Eq. (5.1) was assumed to have the form,

[C) = C [M] + C.[K]
e 1

where C and C. are the so-called external and internal damping
ff ' e 1 . 1cae 1C1ents, respect1ve y.

(5.2)

Figure 5.1 shows the measured base motion wave form of CSR-2, in
the case of RUN-l and Fig. 5.2 shows the acceleration response spectrum
compared with the original record. In order to simulate the measured
responses, the following assumptions are made:

1) The stiffness matrix [K] in Eq. (5.2) was the same as in Eq. (5.1).
2) The damping factors for the first and second modes were assumed to

be 2% from the experimental data.
3) From the damping factors hI and h

2
, the damping coefficients C and

C. were calculated and these were constant both in the elasticeand
.1 1 .1ne ast1c stages.

4) Input waves for response calculations were the measured records
at the base of the chimney on the earthquake simulator for each RUN.

5) The NEAC-2200/500 computer system of OHBAYASHI-GUMI Ltd. was used
for computation and the time interval for the response was assumed
to be ~t = 0.001 sec.

6) In the CSR-2 experiment, for example, there was a complete pause
between RUN-l and RUN-2. Accordingly, in the simulation analysis,
it was assumed that after the input wave for RUN-l finished,
response accelerations and velocities of the chimney were put equal
to zero, and on the other hand, the deflection, stiffness and
state of hysteresis were adjusted to the initial condition for the
next test RUN-2.

5.3 OBSERVED AND CALCULATED RESPONSE

The maximum response values for both the test results and the
calculated for every specimen were listed in Table 5.1. Figure 5.3
shows the displacement and the acceleration wave form of the mass at
the top of the chimney in case of specimen CSR-2, both for the measured
and calculated. In the case of this simulation analysis for specimen
CSR-2 especially, the maximum response value, vibration mode, periodicity
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and wave form were in comparatively good agreement with the test results
over the elastic and inelastic range.

VI SUMMARY AND CONCLUSIONS

The work presented in this report was part of the investigation of
the resistance of reinforced concrete chimneys to earthquake motions.
An object of the investigation was to develop a realistic model for the
calculation of the response of reinforced concrete chimneys. The
research included both analyses and tests of reinforced concrete hollow
cylinders and chimneys.

In Chapter 2, the characteristics of the moment-curvature relation
ship of a reinforced concrete cylinder are discussed. In order to
analyze the moment-curvature relationship of the test results, the
exact solution for a section subjected to reversal of bending moment
with constant axial load was determined on the basis of the stress
strain relationship of concrete and steel. The shape of the hysteresis
loop for the measured and calculated resembled each other in several
given cycles of the inelastic range. To calculate the dynamic response
of a reinforced concrete chimney, the moment-curvature relationship
was modeled with one of the tri-linear degrading hysteresis loops.

Four models of chimneys, 3m in height, were made. Three of them
were for dynamic tests on the earthquake simulator. Another one was
for a static test. A free vibration test and a steady state vibration
test were conducted before and after every strong earthquake-like
vibration test. The main characteristics of these tests with regard
to the natural periods, dampings and rotation angle are summarized as
follows:

1) In the elastic stage, measured natural periods and vibration modes
were in good agreement with the calculated values.

2) The ratio of the second order natural period T2 to the first order
T

1
was about T = 0.221

1
•

3) After cracking
2
0f the concrete, the first order natural period

increased remarkably, however, the increase of natural periods for
higher modes was slight.

4) The damping factor for the first mode was about 2 to 4 percent in
the elastic stage, and for the second mode was nearly equal to that
of the first mode.

5) After cracking, the damping factor for the first mode increased a
little bit, and after yielding of the bar it was 4 to 5 times as
much as that of the elastic stage. However, the increase in the
damping factor for the higher modes was not so remarkable.

The mathematical model of a chimney for the response calculations
was a type of multi-lumped mass system. The chimney was divided into
the idealized sub-elements between masses, and non-linearity of each
sub-element was taken into account in the moment-curvature relationship
with degrading type hysteresis. The validity of this method was
verified both by the static reversal loading testsof the chimneys and
by their analyses.
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Simulation analyses of test results, where external and internal
damping were assumed, were conducted In every case, a 2% damping
factor was assumed for the first and the second mode. Since these
analyses showed good agreement with the test results, it can be said
that it is possible to predict the actual response of reinforced
concrete chimneys subjected to strong earthquake motions, with adequate
assumptions for the hysteresis loop and damping.
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Table 3.1 Material properties

Specimen sEI x lo"kg/c,J1
SCT,I Kg/cnf) SCTma x (kg/cn\',

I
C SF. CSR - II I. 75 2174. 3 289.

S lee I

I
CSR- 2,3 I. 58 2715. 3 707.

I
Specimen c E (x 10 5 kg / cn\' I c8max( kg/cnf, c81Ikg/c~)

CSF ! 1.34 292. 16. 3

or lor C S R - I 1.77 259 . 16.4

C S R - 2 1.80 445 22.4

C S R - 3 1.90 337 25. 7

M

Table 3.2 Classification of tests

Specimen Lines of expriment Mark Testing me I ho d

Sto t ie loading S Static eye lie load Ing of 1st mode
e S F

Free Vibrat ion F Free V i bra t if)n tests u nde r fa roed

defleclion by st at ic loading

Free Vibration F
Free v I bra tion t ets by s I I 9 ht power

eSR Steady sf ate Vibration S SIIgot sin wo ves inpu t of 05M 50 HZ

Random V ibra tion R Three spec imens were tested by follow

simulated earthquakes and repeated

severa I times. changed by input -level.

e S R - I EI Centro 1940 NS I Run: R-r'VR-5)

eSR-2 Ta ka chiokl 1968 Ha c hinahe Harbour 1 Run H - 1,21

e S R - 3 Si n wave of 3 HZ 1Run R -I 1 1.5 H Z 1Run: R- 2,3)

- 155-



Table 3.3 Experimental results of periods and dampings

mark
~O F-O I F- I F-2 F-3 F-4 F-5

ralalloo ang Ie 1;526 1/26 1~48 1/46 1/29
u.. J! TI sec 0.27 0.34 0.36 0,44 0.58 0.68(/) :0 Til *1 p.96E 2.0n:
u Q. To 1.217 1.28E 1.574 2.433

~ hi 0.031 O.04C p'051 0.05S 0.071

mark F-I Pulse F-I' 5-1 R-I F-2 5 -2 R-2 F-3 5-3 R-3 F-4 5-4 R-4 F-5 5-5 R-5 F-6 5-6
rolallon an gIe ~050 \r'26 ~62 "52 V';o'

TI sec 0.22 0.33 0.33 0.33 0.33 0.33 0,40 0.39 0.44 0.42 0.56 0.46 0.56
." T2 0.067 0.06 '0.07 0.083 1o.09~ 0.100

10.025 P.02C 0.036-
~

T3 0.027 Q!)32 0.036I

0:: T}tTo" 2b.919 1.378 1.378 1.378 1.378 1.671 1.62S 1,838 1.754 2,33S 1.921 2.339(/)

u CII hi 0.011 0.028 0.03 0.02. 0.03 0.026 0.08 b.031 0.Q8( 0.02"10.167 - 0.172c::
4. h2 0.033 0.053 P.060 OP58 p'091 0.D75E.,

h3 0.091 0.09< 0.051 P.040 0.062 0.064."

mark F-I 5-1 'R-I F-2 5-2 R-2 F-3 5-3

rotation anlll! 1
/72 \r55

TI sec P.23!:b.23S 0.43 0.526 0.44 0.58~

." T2 0.050 0.091 o.lOC0

(\j -.:
Ta - b.029 0.03..

I Q.

TYTo" 3 p.g8S0:: 1.002 1.81012216 1.852 2~7E
(/)

O.O~ b.04€10.09 0.05' OJO~u CII hi 0.021
c::
'Q. h2 b.041 0,06- 10.061E.,

b.osc k>.o6." h3 -

mark F-I $-1 R-I F-2 $-2 R-2 R-3 F- 3 $-3

rotation allllit 1/56 ~56 Its5
TI sec Q23! o.~ 10.52 0,556 Po71 0.735

r<l ." T2 1o.05C 0.10 I b.102
I .2.

T3 - 0.030 0.030..
0:: ..
(/) Q.

Tl/To"
4

1.016 2.24c 2,403 3.071 3.180u 1.006

CII hi b.D23 O.o2E 0.04 0.100 O.D6~bOB5.r;:
10.040 0.043... h2 0.041E.,

ha -----' 10.067 1o.D44."

"'0 mark: F: Free vibration 5 :Steady state vibration R: Random Vibration

* To: elastic natur.al period by calculation "I =0.2795(S9C) ~2 =0.2394(S9C) ><3=0.2376(59C)"-4=0.2312(59c)
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Table 5.1 Maximum response value

Max. Response value of displacement (eM) M ox. Response value of accelerat ion( GAL.)
Specl men Run

Y4 Y3 Y2 YI )'4 \(3 Y2 YI
G.-ACC.

measured (215GAU R-2 2.375 1.250 0.840 0.258 I 190. 730. 660. 410.
(410 GAL) R-3 4.820 2.655 1.790 0.756 I 650. 900. 820. 618.

CSR-I
hi = 0.02 R -2 3.619 2.542 1.489 0.541 764. 518. 455. 55 I.

calculated

h2 =0. 02 R-3 7.147 5.032 2.965 I. 071 I 380. 586. 788. 639.

G.-ACC.

measured (823GALl R-I 4.194 3.150 1.800 0.885 I 225. 731. 539. 744.

(993 GALl R- 2 5.418 4. 451 2.422 I. 1 12 2 177. 794. - -
CSR- 2

col cu 10 ted
hi = ·0.02 R-I 4.532 3.145 I. 822 0.634 I 557. 682. 1 056. 1 104,

h2 = 0.02 R-2 6.044 3.860 2.212 0.747 2 508. I I 12. I 648. I 8 15.

G.-ACe.

measured
(200GAL,l R-I 3.048 1.868 -- - 933. 563. -

CSR-3

hi = 0.02
co Iculoted h2=0.02

R-I 3.160 2.159 1.203 0.374 750. 447. 345. 258.
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9 ASEISMIC MEASURES FOR REINFORCED CONCRETE STRUCTURES

(Supplement)

IN VIEW OF DAMAGE FROM OITA EARTHQUAKE OF 1975

H .. U I
aJ~me memura

INTRODUCTION

In January of 1969, the year after the Tokachioki Earthquake of 1968
had occurred, the Special Committee on Aseismic Measures for Reinforced
Concrete Structures of the Architectural Institute of Japan published
"Aseismic Measures for Reinforced Concr~n:e Structures - In View of Damage
from Tokachioki Earthquake of 1968 -," and tentat':vely classified
buildings which had then been designed according to the four types below.

Type I Building of high rigidity having a large wall area

Type II Building having walls to some extent or frame-type
building of high rigidity

Type III Pure frame building having no walls

Type IV High-rise building

It was pointed out that Type I buildings were mostly undamaged in
the earthquake, that Type II buildings if having wall ratios and wall
column ratios above certain values escaped damage, and that with Type III
buildings columns were crushed or concrete failed as far inside as cores
of columns. As measures to 1e taken to prevent such damage, it was
called for that rising and hanging spandrel walls be taken into structural
calculations, and that shear reinforcing bar quantities be increased
arranging the bars effectively. Later, taken into consideration the
experiences of the San Fernando Earthquake, the Standards for Design of
Reinforced Concrete were revised in 1971 incorporating the abovementioned
two measures in the standards, while quantities of hoop reinforcement for
columns were greatly increased.

Subsequently, various committees almlng for establishment of new
earthquake-resistant design methods were initiated in the Earthquake
Resistant Technology Division, Construction Techniques Development
Council, Ministry of Construction, and comprehensive research based on
a five-year plan has been carried out with much cooperation from private
sectors. The final year of the five-year plan will be 1976.

Meanwhile, the Ministry of Education also commissioned the Archi
tectural Institute of Japan to work on "Reinforced Concrete School 2
Building Earthquake Resistance Diagnosis and Reinforcement Methods,1l )

I. Professor, Faculty of Engineering, University of Tokyo

- 164-



and the Institute printed and published a pamphlet by that title in June
1975.

Also, in the Architectural Institute of Japan, a Joint Committee on
Earthquake Loads cutting across the various sectional committees was
organized in the Committee on Structural Standards and a draft was prepared
on Earthquake Load Standards which is now at the stage of undergoing de
liberations.

It was at such a time that the Oita Earthquake occurred on April 21,
1975, in which part of a reinforced concrete hotel building having one
basement story and four stories above ground collapsed.

OUTLINE OF DAMAGE, CAUSES, AND POINTS REQUIRING ATTENTION

Outline of Damage and Causes Thereof

The earthquake is said to have had its epicenter at 33°10' north
latitude and 131°25' east longitude, with the magnitude being not more
than 6.4 and the focus at a depth of 20 kilometers.

The building was located at a point several kilometers from the
epicenter. The foundation of the building was a raft foundation resting
on the consolidated soil cement of 45-centimeter thickness, and columns
were connected by tie beams of 1-meter depth built monolithically with
the raft foundation.

The basement and first story was 73.5 meters by 38.8 meters while
the superstructure from the second story was 60 meters by 17.2 meters.
The structure above the first floor was divided by expansion joints into
three blocks, A, Band C, in order from the west side (Fig. 1).

Block A consisted of 6 spans (5 spans in the second story and above),
Block B of 2 spans including a staircase, and Block C of 6 spans (5 spans
in the second story and above) with the first story of this block a lobby
with small wall area. The second story and above were comprised of guest
rooms having relatively large wall areas.

The building was designed in 1964 and completed in 1966 and thus
was built before the revision of the AIJ Standards in 1971. The design
seismic coefficient was 0.16. There was ample strength of concrete and
workmanship was good.

The damage consisted of collapse of the first story of Block C (Fig.
2). The ultimate strength of this collapsed portion in terms of base
shear coefficient was approximately 0.55 at the displacement corresponding
to the failure of shear walls. At the greater dispacement ,corresponding
to the yielding of frames, it reduced to about 0.15.

Photo 1 shows the building before the earthquake. Photos 2 to 6
shows damages.
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The causes of the damage which can be estimated at present are the
followings:

1. The input earthquake motion, as estimated from the nonlinear
response analysis, was of maximum acceleration of more than
400 gal.

2. The collapsed portion had little wall area and included two
spans of short columns with this part thought to have failed
first in shear followed by collapse of ordinary columns.

3. The quantities of hoops in ordinary columns were small.

4. The predominant period of the ground surface stratum was about
the same as the natural period of the superstructure.

5. The vibration mode of the first story of the superstructure
was larger compared with the vibration modes of other stories.

6. The axial forces at the first-story columns were larger compared
with columns in geneFal being in the order of 50 kilograms
per square centimeter.

Points Requiring Attention

1. The building was constructed before revision of the AIJ Stan
dards in 1971.

2. The building was designed with seismic coefficient of 0.16,
and with the same input to the three blocks of A, Band C,
Block C collapsed, Block A was severely damaged and Block B
was moderately damaged.

3. It is thought Block C, at the initial stage of the earthquake,
was Type II out of the four types described in the Introduction,
after which it changed rapidly into Type III, a behavior which
had not been considered very much in the past, and this pheno
menon should be reflected in some way in regulations on earth
quake load in the future.

4. The characteristics of moderate-scale, close-distance earth
quake waves should be clarified and reflected in artificial
earthquake waves.

It is necessary for modifications to be made at an early date in
the currently-used earthquake-resistant design method taking into consi
deration the recent experience of the Oita Earthquake and the research
carried out since the Tokachioki Earthquake. The principles would be
the following.

(1) For ordinary buildings, the current seismic coefficient
regulations and design calculations are to be maintained in
carrying out designing.
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(2) The safety as Type I of a building designed according to (1)
is to be secured from the provisions regarding wall area.

(3) The safety of a building outside the scope of securing safety
as Type I according to (2) above, is to be secured as Type II
from regulations on wall-column ratios.

(4) Buildings outside the category of safety secured as Type I or
II are to be considered as being Type III, and the safeties
of these buildings are to be secured by (a) and (b) of the
third-stage method of determination in the "Reinforced Concrete
School Building Earthquake Resistance Diagnosis and Reinforce
ment Methods."(Note)

(5) Buildings which cannot be assured of safety even by (4) above,
are to be made safe in accordance with the Earthquake Load
Standards of the Architectural Institute of Japan.

Note: The ultimate strength of a building is calculated
separating columns and walls into bending type
and shearing type, determining the building to be
safe if the values are higher than the standard
values.

REFERENCES

1) Journal of Architecture and Building Science, Architectural
Institute of Japan, January 1969.

2) M. Hirosawa, Y. Higashi, K. Ogura and S. Kokusho, "An Evaluation
Method of Earthquake Resistant Properties of Existing Reinforced
Concrete School Buildings," Review Meeting, U. S.-Japan Co
operative Research in Earthquake Engineering with Emphasis on
the Safety of School Buildings, August 1975, Honolulu, Hawaii
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Photo 1 Lakeside Hotel before the April 21, 1975, Earthquake
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Photo 2 Damage Seen from the North Side

Photo 3 Damage Seen from the East Side
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Photo 4 Damage Seen from the South Side
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Photo 5 Failure of Short Column in the First Story
(North Side)

Photo 6 Failure of Short Column in the First Story
(East Side)
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10 AN EVALUATION METHOD OF EARTHQUAKE RESISTANT PROPERTIES

OF EXISTING REINFORCED CONCRETE SCHOOL BUILDINGS

by

Masaya HirosawaI , Yoichi HigashiII ,

III IVKoichiro Ogura and Seiji Kokusho

SYNOPSIS

This paper presents an evaluation method of earthquake resistant
properties of the existing reinforced concrete school buildings.
First of all, the lateral resistance of building is evaluated by a
simple calculation. If the lateral strength is not sufficient to the
expected response force excited during a strong earthquake, the
building shall be investigated whether its columns will fail by the
shear force or not, and the building with columns of mode of shear
failure shall be investigated in further details. The building, which
is found un-safe against a future strong earthquake, shall be
strengthened by an appropriate method.

INTRODUCTION

In Tohoku and Hokkaido districts of Japan, several reinforced
concrete school buildings, designed in accordance with the existing
regulations, suffered serious damages due to the 1968 Tokachi-oki
Earthquake. In order to privent the existing reinforced concrete
buildings from such serious damages due to a strong earthquake, studies
have been made on the evaluation methods of the earthquake resistant
properties.

Since 1972, studies have been carried out by the 5th Committee
for School Buildings, Architectural Institute of JapanV, in compliance
with the request of the Ministry of Educ1tion, Japanese Government.
This paper is an abstract of the report l of the 5th Committee. One of

I Chief Research Member, Building Research Institute, Ministry of
Construction, Japanese Government

II Professor, Department of Architecture, Faculty of Engineering,
Tokyo Metropolitan University

III: Professor, Department of Architecture, Faculty of Engineering,
Meiji University

IV Professor, Department of Architecture and Building Engineering,
Faculty of Engineering, Tokyo Institute of Technology

V Chairman Y. Higashi
Secretary S. Kokusho
Members H. Aoyama, H. Endoh, M. Fukuhara, M. Hirosawa,

T. Kameda, T. Katoh, M. Kitahara, T. Minami,
T. Mukai, M. Murakami, M. Nakao, K. Oami,
K. Ogura, M. Ohkubo, K. Osada, Y. Ohsawa and
A. Yoshida
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the most practical and simple evaluation methods of earthquake
resistant properties of the existing reinforced concrete school
buildings, whose properties are fixed by the strength of columns and
shear walls, is described in this paper.

In order to evaluate the earthquake resistant properties of the
existing buildings, an investigation of the structural drawings
shall be made in regards to such structural defects as deformations,
cracks, etc., and to check the possibility of such ground failures as
landslide, collapse of precipice and soil liquefaction. The
investigation of the lateral resistance of the building shall be made
by the following steps. If the building is evaluated un-safe by the
1st step, the investigation of the next step is required, successfully.

1st step: The investigation of the horizontal sectional area of
shear walls on each floor.

2nd step: The investigation of the approximate strengths of the
shear walls and the columns on each floor against the horizontal
force.

3rd step: The investigation of the strengths of the shear walls
and the columns on each floor against the horizontal force, taking
account of the fracture mode and ductility of the members.

4th step: The investigation of the 1st and 2nd steps taking
account of the predominant period of the ground.

The results of the investigation of the existing reinforced
concrete school buildings by this evaluation method are described in
this paper with respect to the damages due to the 1968 Tokachi-oki
Earthquake.

NOTATIONS

A sum of sectional area of column on the floor (cm2)
c

sum of sectional area of shear wall with columns at both
ends in each of lengthwise and widthwise directions on
the floor (cm2)

sum of sectional area of shear wall without columns at
both ends in each of lengthwise and widthwise directions on
the floor (cm2)

a
s

a
w

b

sectional area of reinforcement in shear wall (cm2)

sum of sectional area of tensile reinforcement in column
(cm2)

sectional area of a group of shear reinforcement in column
(cm2)

width of column in the considering direction (cm2)
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F
c

H

H.
1

h
o
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o

1

1
w

M
u

M
w

N

n

Q

IQ
c

R
e

depth of column in the considering direction (cm2)

compressive strength of concrete (kg/cm2)

height of precipice (m)

height of shear wall from the floor to the top of the
building (cm)

clear height of column between horizontal members adjoined
at top and bottom of the column, considering the effects
of the spandrel walls (cm)

standard lateral seismic force coefficient

distance of centers of columns at both ends of the shear
wall; if the shear wall has opening, the length of opening
shall be substructed from the above mentioned distance (cm)

depth of column with wing wall including the length of the
wing wall (cm)

ultimate bending moment (kg·cm)

ultimate bending moment of shear wall (kg·cm)

axial force of column (kg)

number of floors from the top to the investigated floor

reinforcement ratio of wall (=a Its) (%)
s

tensile reinforcement ratio of column (=at/bD) (%)

shear reinforcement ratio of column (=a Ibs) (%)
w

shear capacity of the floor (kg)

shear capacity of column considering the bending failure
(kg)

shear capacity of column considering the shear failure
(kg)

sum of shear capacity of columns on the floor (kg)

sum of shear capacity of walls on the floor (kg)

shear capacity of wall considering the bending failure (kg)

shear capacity of wall considering the shear failure (kg)

reduction factor determined by the structural defects

factor of earthquake force determined by the unbalanced
lateral stiffness
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~o

s

t

w

CJo

CJ
Y

CJ
wy

ratio of clear height to the depth of column (=h /D)
o

same as the above

shear resistant force coefficient of the floor

spacing of shear reinforcement in the column or the wall
(em)

predominant period of the ground (sec)

thickness of the wall (em)

total weight of the building above the investigated floor
(kg)

correction factor of the shear resistance

factor for the estimation of shear stress

mean compressive stress of column (N/bD) (kg/cm2)

yield strength of the longitudinal reinforcement of column
(kg/cm2)

yield strength of the shear reinforcement of column
(kg/cm2)

INVESTIGATION OF BUILDING SITE

Investigations of landslides and liquefaction of the ground shall
be made in the cases of following conditions:

(1) The relative location between the buildings and precipices is
as shown in Fig. 1, the cracks or movements are found at the retaining
walls of the precipices, and the angle of inclination of the natural
slopes to horizontal plane is not less than 30 deg. in fill-up ground
or not less than 45 deg. in cut-off ground.

(2) The ground conditions are the reclamation of sandy soil and
high ground-water level, and the building is supported by sand having
not more than 5 in the N-values, or by end bearing piles or friction
piles in the sand ground having not more than 10 in the N-values by
the standard penetration test.

EVALUATION METHOD OF SEISMIC SAFETY OF BUILDING

(1) Scope

This method shall not be applied to the buildings damaged
seriously due to unequal settlement of foundations or due to fire.

(2) Method of application

In case of a monolithic building having irregular plan, this
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method shall be applied to the divided parts of rectangular plan.

The evaluation shall be made in each of the widthwise and
lengthwise directions at each floor. In the case that the plans,
elevations and arrangement of shear walls are almost sam~ at each
floor, this method will be applied to the lowest floor only.

(3) Materials for evaluation

a) Ground conditions

In case of the following conditions, the value of standard lateral
seismic force coefficient, 10 , is 1.

i. a building on the different ground conditions

ii. a building on the fill-up ground

iii. the height of precipice, which is at distance within
5 times the height of the building, is not less than the
height of the building

iv. cracks due to the unequal settlements found in the building
on the soft deposits

v. an extended building supported by combinational use of
different types of foundations

b) Predominant period of the ground

i. In case of no datum by actual measurements, the value of 1 0
is 1.

ii. In the case that the predominant period of the ground is
actually measured and the ground conditions do not conform
to a), the value of 10 is (1.25 - 0.5TG), but not less than
1.0.

c) Compressive strength of concrete

i. It is advisable to use the actually measured concrete
strength, if possible.

ii. In case of no datum by actual measurements, the concrete
strength used in the structural design shall be used.

iii. In the case that the concrete strength used in structural
design is not available, it will be assumed 180 kg/cm2

taking the actual circumstances in Japan into consideration.

d) Yield strength of reinforcement

The yield strength of reinforcement shall be the specified yield
strength in Japanese Industrial Standard (JIS) G 3112. In case of
Grade SR24, however, the yield strength will be 3000 kg/cm2 taking the
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the actual circumstances in Japan into consideration~

3 4)
(4) 1st step of evaluation method '

In the case that the shear wall length rate in each of the
lengthwise and widthwise directions on the floor is not less than 2n
cm/m2 and not less than 4 cm/m2 , the building is evaluated to be safe.
n means the number counted from the top to the investigated floor.

The shear wall length rate is defined as the value of the sum of
the horizontal clear length (cm) of reinforced concrete walls
surrounded by rigid frame members divided by the floor area (m2) , in
each of lengthwise and widthwise directions. That is the clear length
of shear wall excluding the column size in one direction per unit
floor area. If the thickness of the shear wall, t, is more than 15 cm,
the length of the wall will be multiplied by t/15.

When the building can not be evaluated to be safe by the 1st step
investigation, the next step of investigation shall be required.

(5) 2nd step of evaluation method

In the case that the shear resistant force coefficient of the
floor, SB' given by Eq. (1) is not less than 1 0 , the building is
evaluated to be safe.

Q

Q . a
W

I:Q + I:Q
c w

A
{ 5 ( 1 + --,--A-----,-=c--

c + AWl + AW2
A }

c

(1)

+ ( 30 Awl + 20 AW2 ) (2)

W is the total weight of the building above the investigated
floor. It will be calculated as 1200 kg per unit floor area for the
normal concrete and 1000 kg per unit floor area for the lightweight
concrete, on each floor, taking the actual circumstances in Japan
into consideration.

R
c

R
e

and 0.7 <a;;; 1.0 (3)

Rc is 1.0 in case of no water leakage without remarkable cracks
on the wall, and 0.7 in case of water leakage with remarkable shear
cracks on the wall.

Re is 1.0 in the case that the building has columns of
considerably different stiffness on the same floor, and 0.8 in the
case that the distribution of lateral stiffness is uniform in
elevations and plans.
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When the building can not be evaluated to be safe by the 2nd step
investigation, the next step of investigation shall be required.

(6) 3rd step of evaluation method5 ,6,7,8)

a) A method

i. Shear resistance of a story

In accordance with the shear resistant force coefficient, SB'
given by Eq. (4), the seismic safety of the building shall be
evaluated as follows:

S' = Q . a
B W (4)

Q (5)

Qc shall be the smaller of Ql and Q2'

(6)

In case of N ~ 0.4 bD'Fc ' where N is axial force of column,

M
u

N
0 y . D + 0.5 N . D ( 1 - b . D F

c
) (7)

In case of N > 0.4 bD'Fc '

M
u 0.8 a . °t y

D + 0.12 b • D2 . F
c

(8)

When the columns have wing walls as shown in Fig. 2, ~ shall be
calculated as follows, instead of Eqs. (7) and (8).

In case of N ~ { 0.5 m ( 0.9 + n l
) - 13 Pt } bD'Fc ' where m and

n' are given by Eq. (9) and Fig. 2, respectively,

m ( 1
D
1

w

) t
D

D
1
w
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M
u

( 0.9 + n I ) at o . D
Y

+ 0.5 N • D { 1 + 2 n I _ _----:,--:-N"-- _
ill • b • D • F

c

(10)

In case of N > { 0.5 ill ( 0.9 + n ' ) - 13 Pt } bD·Fc ' Mu shall be
given by substituting { 0.5 ill ( 0.9 + n ' - 13 Pt } bD'Fc into N in
Eq. (10).

0.043 (F + 180
{ ----=----=-:::--=,--_c_-=----=:-=-_ + 2. 7 I 3000 Pw + O. 1 b ~ D }

0.56 ~ + 0.12
a

0.8 b . D (ll)

When columns have wing walls as shown in Fig. 2, Q2 shall be the
larger of the values given by Eqs. (12) and (13).

0.043 (F + 180
N

Q2
{ c + 2.7 I 3000 p }

0.56 R
h + 0.12 + O.l~w

0

0.8 b . D + 3000 Ps t ( 1 - D ) (12)
w

F
~ + 3000 p ) t . 1
6 s w

(13)

Qw shall be the smaller of Qwl and Qw2' Because Qw includes the
shear capacities of columns adjoined to shear wall, the shear
capacities of those columns shall not be included in Qc'

M
w

0.5 H.
1

F
~ + 3000 p ) t . 1
6 s

ii. :Evaluation

(14)

(15)

In case of S' > I , the building is evaluated to be safe.B a
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In case of 1.0 10 > S~ ~ 0.6 10 , the building is evaluated to be
safe, if Q2 of typical columns is larger than Ql.

In case of 0.6 1 0 > SB ~ 0.45 1 0 and of SB ~ 0.3, the building is
evaluated to be safe, if the shear reinforcement ratio of columns is
given by Eq. (16).

(16)

When ho ~ 3 D, Bmay be 2, and when ho < 3 D, Bmay be 1.5.

In case of 0.45 10 > SB ~ 0.3 10 , and of SB ~ 0.25, the building
is evaluated to be safe, if the shear reinforcement ratio of columns
is given by Eq. (17) and not less than 0.2 %, and if the spacing of
shear reinforcement is not larger than 8 times the diameter of
longitudinal reinforcement.

Ql F
( B . b D) - ( 2~

----''''----:::..--=-12~0=-:0:---------==..::-- + O. 002

When ho ~ 3 D, Bmay be 1, and when ho < 3 D, Bmay be 0.75.

b) B method

(17)

In the old buildings, it is very difficult to find the structural
drawings and specifications. Therefore, B method will be used instead
of A method taking the old circumstances in Japan into consideration.

Qw' a and W shall be calculated by the method in the 2nd step.
In columns, the following values will be assumed; Pt = 0.6 %,
Pw 0.159 %, 00 = 20 kg/cm2 and Fc = 210 kg/cm2 .

Evaluation method of seismic safety is as follows.

i. to calculate Rh = holD in typical columns

ii. to obtain the smaller value, Ti' of Tl and T2 by Rh and two
curves in Fig. 3

iii. to calculate ZQ~ by Eq. (18)

ZQ'
c

Z(T.·b·D)
1.
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iv. to calculate SB by substituting the above mentioned values
into Eq. (1)

v. to evaluate as follows:

In case of SB ~ 1.0 1
0

, the building is evaluated to be safe.

In c~se of 1.0 1 0 > SB ~_0.6 1
0

, the building is evaluated to be
safe, if Ti is determined by Tl'

When the building can not be evaluated to be safe, T2 shall be
obtained by Fig. 4 a~d by actually measured shear reinforcement ratio,
pw' By using this T2 instead of T2' the evaluation of seismic safety
ofathe building shall be made.

When the building can not be evaluated to be safe by using this
corrected TZ' the building is evaluated to be safe, if Pwa is larger
than p obtained from Fig. 5 by using Q calculated from the smaller- wr -,
of Tl and T2'

c) C method

This is the evaluation method 0btained by modifying N method
taking in consideration of the results given by B method and actual
behavior of the damages to buildings due to the 1968 Tokachi-oki
Earthquake.

The shear resistant force coefficient of the floor, SB" is
obtained by the coefficients of bending failure type columns, SBl'
of shear failure type columns, SB2' and of shear walls, SB3' as
follows.

L:(
-

A T
l

SBI
cl

W

L:( A
c2

T
2

SB2 W

30 L: AWl + 20 L:A
w2

)

SB3 W

Acl is the sectional area of column
3.3, Ac2 is the sectional area of column
TI is Tl of column, whose Rh is not less
and T2 is T2 of column, whose Rh is less
Fig. 3.

(19)

(20)

(21)

whose Rh is not less than
whose Rh is less than 3.3,
than 3.3, obtained by Fig.3,
than 3.3, obtained by

S "'B
(22)
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Evaluation method of seismic safety is as follows.

i. In case of SB' ~ 1, the building is evaluated to have
sufficient seismic resistance.

ii. In case of 1 > SB' > 0.6, the building is evaluated to have
considerable seismic resistance.

iii. In case of 0.6 > SH' ~ 0.4,
poor in seismic resistance.
investigated precisely.

the building is evaluated to be
The building is required to be

iv. In case of 0.4 > SB" the building is evaluated to be
dangerous in seismic resistance. The building must be
investigated precisely.

When the building can not be evaluated to be safe by the 3rd step
investigation, the next step of investigation shall be required.

(7) 4th step of evaluation method

The building shall be evaluated again in accordance with the 3rd
step investigation using the predominant period of the ground and the
concrete strength actually measured.

When the building can not be evaluated to be safe by the 4th step
investigation, another minute and precise investigation must be
required.

APPLICATION TO EXISTING BUILDING

In order to investigate the adaptability of the evaluation method,
the investigations of 14 reinforced concrete school buildings, those
were damaged due to the 1968 Tokachi-oki EarthquakeVI , are carried out
by the 5th Committee for School Buildings of the Architectural
Institute of Japan. The investigations are made by all of the
prescribed evaluation methods. From those, the comparison between the
results by the C method of the 3rd step and the degree of damages are
shown in Fig. 6.

It is found that the degree of damages is medium or serious in
case of less than 0.6 in SB', and slight or no in case of not less
than 0.6 in SB'. Therefore, it may safely be said that the grade of
evaluation by the C method of the 3rd step is appropriate.

CONCLUSIONS

We have found one of the most practical and simple evaluation
methods of earthquake resistant properties of the existing reinforced
concrete school buildings, whose properties are fixed by the strength

VI The maximum ground accelerations recorded by the strong motion
accelerograph in the Hachinohe Port, are 225 gals in the NS
component, 183 gals in the EW component and 114 gals in the UD
component.
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of columns and shear walls. In the case that the earthquake resistant
properties of the buildings are fixed by the strength of beams, it
needs to take the special notice for the evaluation of capacities of
columns into consideration.

The C method of the 3rd step is very easy for practical use.
nevertheless, the grades of evaluation by this method correspond to the
degrees of damages due to the 1968 Tokachi-oki Earthquake. In this
method, however, the ductilities of members are not considered.
Therefore, it is desirable to use A or B method of the 3rd step in
order to evaluate the seismic safety taking in consideration of the
ductilities of members.

This kind of evaluation method is required to be elaborated
further in order to evaluate more accurately.
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11 ASSESSMENT OF EARTHQUAKE SAFETY AND OF HAZARD ABATEMENT

. I ) II) ... III )
BorlS Bresler , Tsuneo Okada , and Davld Zlsllng

SYNOPSIS

Methods for assessing the seismic safety of structures are discussed,
and procedures for establishing priorities for evaluating and abating
hazards are indicated. Field evaluation, code compliance evaluation, and
maximum tolerable earthquake intensity evaluation are summarized, and re
sults of a pilot study to identify possible hazards and levels of seismic
resistance in several reinforced concrete frame buildings are reported.

1. INTRODUCTION

1.1 Need for Evaluation - The need for assessing the residual safety
of buildings damaged in the event of a major earthquake is obvious. Immed
iate inspection of post-earthquake damage, under emergency conditions, is re
quired to determine the condition of structures, the feasibility of occu
pying structures and resuming ordinary life processes of the community at an
early date, and to determine which structures pose life or health hazards
to the public and must therefore be demolished.

The need for evaluating potential seismic hazards in existing build
ings is less obvious, but just as essential in regions of seismic activity.
Most existing buildings were built before adequate seismic design standards
were developed or accepted and these buildings may require some modifica
tion or strengthening to minimize the risk of injury or loss of life. If
the same seismic performance criteria were used for existing buildings as
are used for new buildings IV , then clearly the same levels of earthquake
resistance must be developed in both old and new buildings. Even if the
acceptable level of damage in existing buildings were greater than that for
new buildings, existing buildings must be evaluated in order to determine
which structures could be expected to sustain damage exceeding this level
during an earthquake.

I Professor, Department of Civil Engineering, University of California,
Berkeley, California, U.S.A.

II Associate Professor, Institute of Industrial Science, University of
Tokyo, Tokyo, Japan.

III Research Assistant, Department of Civil Engineering, University of
California, Berkeley, California, U.S.A.

IV Buildings should: (1) resist minor earthquakes without damage, (2) resist
moderate earthquakes without structural damage, although some nonstruc
tural damage may be allowed, and (3) resist major (severe) earthquakes
without collapse, although some local structural damage may be allowed.
Special public buildings should remain operational during and after the
earthquake.
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Also, special hazards to the public may exist due to unsafe portions
of buildings (usually nonstructural) such as ornaments, parapets, and
accessways (stairs, elevators), which must be corrected. There are other
conditions under which evaluation of existing buildings is essential.
For example, structures damaged by nonseismic causes (e.g. fires, founda
tion distress, aging deterioration, corrosion, etc.) may have considerably
less residual earthquake resistance than that provided in the original
structure. Buildings which have undergone structural modification due to
change in occupancy or for other reasons must also be evaluated in the
modified state.

1.2 Evaluation Process - The process for evaluating the seismic
safety (degree of hazard) of existing buildings in a given city requires
the following two stages:

(1) Legal requirements must be established for reviewing seismic as
well as other hazards in existing buildings and a judicial and
administrative process instituted for carrying out this review.

(2) In order to evaluate the degree of hazard in the large inventory
of existing buildings in a reasonable time and at a reasonable
cost, a systematic procedure for establishing priorities for
review of classes of buildings and a methodology for evaluating
hazards in individual buildings must be established. In some
cases, review of design documents and a site inspection may be
sufficient to determine the approximate degree of hazard in a
given building. In other cases, more refined analytical eval
uation may be required.

1.3 Priority Categories- Life safety and continuity of indispensable
services are the bases for establishing priority categories. The following
categories can be identified:

(1) Facilities which must remain operational during and after a
severe earthquake.

(2) Essential institutions providing important social services which
should continue to operate with minimal disruption.

(3) Buildings in which damage would result in high risk to life safety
and concomitant disaster.

Other priority categories may be established on the basis of vulnera
bility associated with location (local seismicity), design standards of
safety such as code requirements, workmanship, materials of construction,
age, and possible deterioration. For example, the following categories
may be identified:

(1) Buildings in high seismicity zones which were built prior to
enforcement of the first effective seismic design provisions.

(2) Buildings in high seismicity zones which were built under old
seismic design provisions, but which are constructed of
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unreinforced masonry, nonductile moment-resisting concrete
frames, buildings with heavy precast concrete curtain walls or
structural elements, and buildings of lli~USUal construction or
configuration.

2. EVALUATION METHODS

2.1 General - Various methods for evaluating hazards in classes of
buildings and individual buildings, ranging from field eva.luations which
may require only a few man-hours to field-testing and sophisticated
analyses which require thousands of man-hours, are available. Some of
these methods are briefly reviewed here, and the results of a pilot study
to identifY possible hazards and levels of seismic resistance in several
reinforced concrete frame buildings are reported.

2.2 Field Evaluation - Field evaluation methods rate a building
rapidly and approximately as either "Good," "Fair" or "Poor" for a specified
earthquake intensity. Review of design documents (drawings, calculations)
and a site inspection should be sufficient for an appropriate rating. When
plans and specifications for an existing structure are not available,
field measurements, materials testing, and other means of identifying the
construction scheme and the quality of materials and workmanship should be
used. Basically, field evaluations determine whether or not a more
detailed analysis of a building is necessary to assess its safety.

Several schemes for field evaluations have been proposed recently [1,
2, 3, 4]. Each of these schemes rates structures using a numerical or
qualitative scale to evaluate a number of essential elements and character
istics of the buildings. The rating is then compared to a minimum composite
score in order to classify the building.

The NBS field evaluation method (FEM) will be summarized here as
representative of such methods. The first step in this method is to
assemble information pertinent to determining the probable seismic perfor
mance of a structure. These data from an examination of plans and an on
site inspection are summarized in a standardized Data Collection Form. The
geographic location of the building is assigned an expected Modified
Mercalli Intensity (MMI) , and the building is rated, as follows:

(1) Structural system general rating: (GR) is based on the type of
structural system and construction materials. The rating scale
is from 1 to 4, with steel and ductile moment-resisting frames
rated 1, and unreinforced masonry or unsheathed wood frames rated
4.

(2) Structural system vertical elements rating: (SR1) is based on the
quantity of resisting elements, symmetry of arrangement, and pre
sent condition. Each of these factors is rated on a scale from
1 to 4, and the composite score value of SRl is as follows:

= ~Q + S) + } PC
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where Q is the quantity rating, S is the symmetry rating, and PC
is the present condition rating.

Structural system horizontal elements rating:
the worst case (largest grade on a scale from
floor rigidities (R), chord adeQuacy (C), and
anchorage (A), as follows:

(SR2) is based on
1 to 4) of roof and
connections and

largest value of A, C, or
R on scale from 1 to 4. (2)

(4) Nonstructural systems are graded on a Qualitative scale: Good
(A), Fair (B), Poor (C), and Unknown (X). The principal items
rated are:

a. corridor and stair enclosure walls (with regard to earthQuake
performance and life hazard) ,

b. interior partitions other than corridor and stair enclosures,
c. exterior curtain walls,
d. interior and exterior appendages, ornamentation,
e. ceiling and light fixtures,
f. glass breakage,
g. special hazards (gas connection, hazardous contents).

The overall composite rating: (CR) for the structural system is determined
as follows:

CR

where S~ is the larger value of SRI and SR2 , and ILF is the intensity level
factor based on MMI varying from 1 to 4 as shown in Table 1. The structural
system is then classified "Good" to ''Very Poor," depending on the value of CR,
as in Table 2.

The NBS field evaluation method has been used to evaluate a typical
school building in California, resulting in a rating of "Good" for this
building for MMI of IX. Results of other approximate methods of evaluating
this building indicated that the risk of damage in a severe earthQuake
would be relatively high, and that more precise evaluations would be
desirable.

While the NBS method is simple to apply, the results obtained by this
method appear to be Questionable. The algebraic formulations for SRI and
CR appear to be entirely arbitrary. The contribution of PC ratinglis given
a ~ weight, whereas the other contributions are weighted at only - each.
The present condition factor is given excessive weight, particular~y for
relatively new buildings, and the Quantity (Q) of resisting elements is
given too little weight. Furthermore, the strength of the building is not
adeQuately accounted for.

2.3 Capacity Ratio - A possible measure of the seismic structural
safety of an existing building is obtained by comparing its calculated
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earthquake resistance capacity to the design requirement for a similar new
building. For this purpose, the structural system (geometry, materials,
detailing) must be identified as completely as possible using design
documents, site inspections, and testing. Then, using appropriate analytical
techniques (the same as those used in designing new buildings), the value
of required earthquake resistance, QREQ, must be determined on the basis of
the element which is critical in resisting seismic effects. The available
earthquake capacity, QCAP' for the same element must be determined using
the criteria for evaluating capacity specified for designing new buildings.
In the process of evaluating QREQ and QCAP' various modes of potential
damage or failure must be considered and the critical element (or elements)
must be identified. A measure of the earthquake safety of an existing
building, relative to that of a new building, is defined by the capacity
(or resistance) ratio R:

R (4)

Depending on the desired level of performance, i.e. damage control
or collapse control, the definitions of QCAP and QREQ may be different.
In the case of damage control, these values should reflect the capacity
of the weakest element in the building. In the case of collapse control,
damage or failure of the weakest element may not result in collapse, as
in highly indeterminate systems, and in such cases, QCAP and QREQ should
be based on those critical elements which would initiate collapse in a
progressive development of failure.

The capacity ratio R is an index of hazard: the lower the value of R,
the greater is the hazard, potential damage, distress, and risk of collapse.

2.4 Code Compliance - When determination of QREQ and QCAP is based
on the current code, this ratio may also be used as a measure of code
compliance or noncompliance. The value of QREQ considers appropriate
loading combinations with specified load factors, and the value of QCAP
considers appropriate capacity reduction factors ¢, as for example those
given in the 1973 UBC or 1974 SEAOC. These load and capacity reduction
factors may be either too high or too low for a given existing building,
although their use is appropriate for designing new buildings. For
buildings where previous damage or other deterioration has taken place,
or for buildings where superior design and quality of workmanship has been
observed, special ¢ factors should be used.

Determination of QREQ may be based on the response to the specified
earthquake or on the response required to develop appropriate ductility
in a flexural mode of failure. For example, using the 1974 SEAOC Recom
mendation for Seismic Design, the response to a specified earthquake may
be expressed in terms of base shear QREQ as follows:
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where
z

I

K

C

s

w 
E

numerical coe~~icient related to the seismicity o~ a region

occupancy importance coe~~icient, varying ~rom 1.0 to 1.5

numerical coe~~icient based on the dynamic response
characteristics o~ the structure

numerical coe~~icient representing intensity and dynamic
response characteristics o~ the building; variations in
this coe~~icient in the building code standards during the
past 70 years are shown in Table 3 (Re~. 5). The values
shown in this Table indicate that the empirical expressions
~or CE change ~rom the simplistic conservative 1927 and
1935 DEC values, to more sophisticated and less conservative
1973 DEC values. However, more conservative values o~ CE
were proposed by the SEAOC in 1974, thus reversing the trend
to lower values o~ CE during the preceding thirty years.

numerical coe~~icient representing local site conditions,
particularly site-structure interaction

e~~ective weight o~ structure and other building components
contributing to earthquake ~orces.

When QREQ is based on the condition that an element must not ~ail prema
turely in a brittle mode, and that potential ductility o~ an element is
~ully developed, special code requirements ~or shear and moment capacities
are speci~ied. Such requirements were introduced in the SEAOC Recommendations
in 1967 in Sec. 2630, Concrete Ductile Moment Resisting Space Frames. Thus,

(6)

where MA and MB are ultimate moment capacities o~ opposite sense at each
end o~ the member, a3 and a4 are appropriate load ~actors (see Table 7) and
subscripts D and L re~er to dead and live loads, respectively.

2.5 Other Methods ~or Evaluating Sa~ety - The degree o~ noncompliwlce
with the current code expressed in terms o~ the capacity ratio R, Eq. 4, does
not re~lect the maximum earthquake resistance of existing buildings. This
resistance may be expressed in terms of earthquake intensity, resulting
in a speci~ied degree o~ damage or ~ailure.

I~ the maximum response o~ a structure, QMAX, c&~ somehow be related
to earthquake intensity and if the capacity o~ a structure, QCAP, is
expressed in the same terms as the response, then the maximum tolerable
earthquake will be such that:

~x

Then, i~ a linear relationship between some measure o~ earthquake intensity
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and response is assumed, the earthQuake intensity which will produce the
specified degree of damage or failure can be determined. The maximum
response can be defined as:

(8 )

where QGRV is the effect of gravity loads, CQ is a coefficient representing
earthQuake intensity, and WE is the effective weight of the building. Then,
the maximum value of the earthQuake intensity coefficient, CQ, which would
result in maximum forces within the permissible limit QCAP is:

The value of QGRV should consider effects of the deformed shape of the
structure and of vertical accelerations under earthQuake conditions. As a
first order approximation, these may be neglected, and QGRV may be calculated
on the basis of undeformed static conditions for (D+L) gravity loads. In
this simple formulation of CQ' the value indicates a base shear coefficient
which can be related to earthQuake intensity.

A variety of other methods for evaluating the structural adeQuacy of
existing buildings may be used. Ideally, appropriate three-dimensional,
nonlinear dynamic response analyses for different types and intensities of
ground motion would provide the most reliable results. These analyses
must account for soil-structure interaction and for the nonlinear behavior
of structural elements under dynamic loading conditions. However, mathe
matical modeling of this problem is extremely complex, and available
techniQues are highly approximate. Therefore, the most desirable and
practical method for evaluating structural safety would be one combining
simplicity of execution with an acceptable level of reliability. Various
methods are now being developed (Refs. 6-10) and their relative advantages
can be determined by correlating results obtained by these methods in
evaluating the response of relatively large groups of buildings.

3 . HAZARD ABATEMENT

When for a given existing building the resistance ratio R, defined by
EQ. 4, is eQual to or greater than unity, it may be concluded that such
a building complies with the current standards for seismic design of new
buildings. However, when the calculated resistance ratio R is less than
1.0, the risk of earthQuake damage in this building is larger than the risk
of damage in a similar new building designed according to current standards.
The degree of hazard indicated by R should be related to v~rious risks,
such as overall risk of life safety (e.g. life loss per 10 population per
year), risk of life safety in buildings with high density occupancy, mix
~f the buildings in the community, risk of social and economic losses from
interruption of services or use of special buildings and facilities
(hospitals, fire service stations, communication centers, etc.).
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A variety of options are available in hazard abatement:

(1) When hazard abatement is impossible or not economical, the build
ing must be demolished.

(2) When preservation of the building and its use are essential, the
building must be strengthened to an acceptable level of perfor
mance (R) within the reQuired time.

(3) Intermediate corrective measures may include changes in use or
occupancy, a reduction in the number of stories (partial
demolition), or a reduction in projected lifetime (legal commit
ment to demolish within prescribed time limit).

(4) Acceptable combination of 2 and 3 above.

Because data are lacking for objectively correlating R values with
various risks and for defining acceptable levels of hazard, decisions
regarding hazard mitigation must be made on a subjective basis. Constraints
on such subjective decisions must be derived on the basis of reasonable
judgment, and on studies of probabilistic models of seismic damage
conseQuences (hazards) and cost/benefit analysis.

For example, a subjective decision to accept a low value of R (say
~.10) may be rationalized for the existing inventory of buildings. In
realistic terms, this subjective decision is based on accepting the prin
ciple that the earthQuake safety of existing buildings will be improved
through a natural process of "survival of the fittest."

On the other hand reQuiring uniform performance (risk of damage) for
existing old and new buildings would necessitate upgrading all existing
buildings to a value of R = 1.0, possibly involving considerable cost.
Such expenditure may or may not be economically justifiable, except when
special conditions require preservation of existing old buildings with a
minimum risk of damage. When the cost of strengthening a building is not
justified, the structure must be demolished or the larger risk of damage
accepted.

An intermediate solution may be provided by varying acceptable values
of R, depending on the nature and conseQuences of damage in different build
ings. For example, critical or essential facilities which must remain
operational during and after a severe earthquake should be strengthened
to achieve a value of R = 1.0. Sufficient hazard abatement in other
structures may be achieved using lower values of R.

The difference between the acceptable capacity ratio R and unity may
be called the leniency ratio A, so that

A = (1 - R) (10 )

Different values of A may be indicated for different categories of buildings.
For example, it may be possible to establish building categories A, B, and
C, specifying that AA = 0.2, AB = 0.4, and AC = 0.6.
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For economic and technical reasons the objectives of hazard abatement
in all existing buildings cannot be accomplished in a short period of time.
For different categories of buildings the permissible time for compliance
with hazard abatement requirements may vary from 15 to 35 years or possibly
even longer periods of time.

The leniency ratios A and the time duration for accomplishing the
objectives of hazard abatement are closely related to social and economic
considerations, such as acceptable risk levels (Ref. 11), capacity of the
construction industry, availability of funds and rates of interest for
financing hazard abatement, and economic incentives for investing in hazard
abatement. A possible schedule for strengthening or demolishing hazardous
buildings is illustrated in Table 4, where three categories of buildings are
chosen in such a way that for Type A (A = 0.2) all buildings will be brought
up to capacity ratio R = 0.8 within 15 years, and for Types B and C (A = 0.4
and 0.6, respectively) all buildings will be brought into compliance within
28 and 35 years, respectively. The schedule also accounts for the degree
of hazard, so that buildings with lower capacity ratios R will be brought
into compliance within a shorter time period (Fig. 1). For example, a
building in Class B with a capacity ratio of R = 0.2 should be strengthened
to R = 0.6 within 8 years or demolished. Another building in the same
class but with R = 0.4 should be strengthened to R = 0.6 within 18 years.

In establishing building categories A, B, and C, the following factors
may be considered: (1) use and occupancy of the building, (2) seismic zone
and local site seismicity, (3) special hazards (release of toxic or combus
tible contents), (5) original design criteria (seismic intensity and
seismic resistance, provisions considered in design), (6) original quality
of materials and workmanship, and present physical condition (evidence of
prior damage or deterioration).

The following classifications based
adopted for a hazard abatement program.
these classifications may be introduced,
or occupancy.

Class A

only on use and occupancy may be
However, further refinements in
considering factors other than use

Facilities which must remain operational during and after a severe
earthquake

Hospitals
Police Stations
Fire Stations

Class B

Other essential facilities

Institutions
Incapacitated
Orphanages
Nursing Homes

- 196-

Essential Communications
Power Plants
Water Plants

Public Assembly
Schools
Theaters
Shopping Centers



Class C

Institutions (cont'd.)
Schools
Dentention and Correctional

Hazardous Uses
Industrial (production)
Commercial (storage, service)

High-Rise Buildings

Buildings in "Inner Fire
Districts"

All buildings other than single- or two-family dwellings.

Other approaches to hazard abatement may involve "balanced risk" of
damage or "cost effective" level of abatement. In both of these approaches,
the "remaining life expectancy" of the building must be known. In practice,
it is extremely difficult to ascertain this life expectancy.

In addition to the technical provisions for dealing with the criteria
and methods for identifying the hazards and for their removal, legal and
administrative procedures for a "just, equitable, and practical method" for
hazard abatement must be included in the Co~e.

An important factor in implementing provisions for hazard abatement in
existing buildings is capital investment. Normally, investment in new
buildings or in other productive ventures is more profitable than investment
in hazard abatement in existing buildings. Unless appropriate economic
incentives are introduced for this investment, it may be very difficult to
implement the requirements for hazard abatement, except through extensive
demolition of old buildings, reSUlting in economic injury to owners and
occupants as well as in social dislocations in the community.

4. EARTHQUAKE RESISTANCE OF TYPICAL BUILDINGS - PILOT STUDY

4.1 Introduction - A pilot study of the effect of building code changes
on the earthquake resistance of low-rise reinforced concrete frame buildings
was carried out and is briefly summarized below. The objective of this study
was to calculate values of R (Eq. 4) and CQ (Eq. 9) for typical 3- and
4-story reinforced concrete frame buildings designed in accordance with
UBC Codes during the period 1946-1973. Computer programs were developed
for generating building prototypes and for determining Rand CQ values for
these prototypes.

In the evaluation, it was assumed that the critical element in a build~

ing frame was the beam-column joint at the first floor level, and that
either a bending or shear mode of failure in either the beam or the column
could control. The criteria for evaluation were the 1973 UBC and the 1974
SEAOC Recommended Lateral Force Requirements.

The principal variables were the number of stories (3 and 4), the
material characteristics (f~ = 3 ksi with fy = 40 ksi, and f C = 5 ksi with
f = 60 ksi), and the Code criteria used for design [UBC 1946,1956,1963
(~SD and USD), and 1973J. By combining different variables, twenty cases
were studied. The following notation is used to describe the particular
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design: (Tables 5, 8, 9)

(N - number of stories) - (f' and f - concrete and steel strengths) -
(Y _ ye ars ) , c y

so that 4-5-60-1964 refers to a 4-story building with 5 ksi concrete
strength, 60 ksi reinforcing steel yield strength, designed in accordance
with the 1946 UBC Code. For the 1963 designs, both the working stress
design (WSD) and the ultimate strength design (USD) criteria were used.

A number of characteristics were held constant in designing the
typical building elements.

Bay Size: 25 ft. x 25 ft. Floor dead load = 100 psf
Floor System: 2-way slab Floor live load 40 psf
Story Height: 12 ft. Effective weight WE = 140 psf*

Beam width = 12 inches Column shape square
Reinforcement p = O.0125t Reinforcement p = 0.035t
Concrete cover = 2 inches Concrete cover 2 inches
Stirrup steel f = 40 ksi Tie steel f = 40 ksi

Y Y

* includes weight of walls, partitions, and fixed equipment
t average value

The details of the connection are shown in Fig. 2 and are summarized
in Table 5.

4.2 Frame Analysis Idealization - ~le response of the frame building
was represented by that of an interior frame, and the ground story was
considered to be the critical one. For gravity loads, it was assumed that
the beams resist a maximum moment at the support MGB = (qBL2/11) and
maximum shear VGB = (qBL/2), where qB is the gravity load per unit length
of the beam, and L is the beam span (centerline dimensions). Under gravity
loading, the column was assumed to resist axial load only, so that

NGL = I· p. Q, Q,
l l X Y

( 11)

where Pi is the combined dead and live load per unit area of the i
th

story,
and Q,x and Q, define the contributing area for the column load. Possible
live load re~uction factors were neglected in this study.

For lateral loading, it was assumed that all inflection points were
located at the midspan of the beams and at midheight of the columns.
Furthermore, the overturning moment effect on axial load in the columns was
neglected. Distribution of lateral loads is specified in the Code so that
the column shear VEC at the i th story can be calculated and the column
maximum bending moment ~C is:
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where H is the star; height (centerline dimension).
s

The beam maximum moments were calculated assuming equal stiffness of
the beams framing into the column, i.e. half the sum of the column moments
above and below the beam level:

The beam maximum shear is then:

(14)

Biaxial bending in the columns may occur when adjacent spans are not
equal in both directions, or when both longitudinal and transverse earth
quake components with respect to the building axes are considered. In
this study, the effects of biaxial bending were neglected.

4.3 Forces Used in Design - The moments, shears, and axial forces in
beam and column sections were calculated using the base shear force QREQ and
the frame analysis idealization previously described. For buildings
designed in accordance with WSD, a 0.75 reduction factor was used to eval
uate the combined effect of gravity and earthquake, representing the per
missible 0.33 increase in allowable stresses for this condition. For
buildings designed in accordance with USD, appropriate load factors were
used (Table 7).

The base shear force was calculated using Eq. 5 in which the coeffi
cient CE is specified in the appropriate Code. The values of CE used in
this study are shown in Table 6. The trend to lower values of CE during
1946-1973 is clearly demonstrated. Also, the reversal of this trend in
1974 is shown.

General expressions for moment M, shear V, axial load N, in either
beams or columns, can be written as a sum of the contributions due to
dead, live, or earthquake loads with appropriate load factors. Two loading
conditions were considered: gravity (G) only, and combined gravity and
earthquake (G + E):

where a. are the appropriate load factors specified in the codes. These
factorslare summarized in Table 7.

In order to ensure a ductile mode of failure, the 1967 SEAOC Recom
mendation specifies that the maximum shear force for USD should not be
less than:
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where ~ and ~ are the ultimate moment capacities of opposite sense at
each end of the member, and L in this case is the clear length of the
member. In 1973, this re~uirement was further clarified by stipulating
that ultimate moment capacities M~ and M~ shall be computed with ~ e~ual
to 1.25 rather than 0.9 to allow for possible excess yield strength over
the minimum specified value of f .

y

4.4 Design of Beams and Columns - In designing beams for bending
compression steel reinforcement was neglected and the reinforcement ratio
p was taken approximately as 0.012. The beam width was taken as b = 12 in.
for all cases, and the re~uired depth d was calculated by e~uating moment
resistance with maximum design moment. The beam-depth dimension was then
rounded off to the nearest larger inch, and the number of bars was selected
to provide the re~uired area As as closely as possible using No.8 bars.
The beam was then checked for shear and shear reinforcement was provided
in accordance with the relevant code re~uirements. In the older designs,
No. 2 bars were used as stirrups, but in later designs No. 3 bars were
used. In all cases, the yield strength of stirrup reinforcing steel was
f~ = 40 ksi. The beam overall depth, tension steel reinforcement As, area
of stirrups Av ' and their spacing s for all twenty cases are shown in Table 5.

The column design followed an iterative procedure with slightly dif
ferent methods for estimating the initial column sizes for the WSD and USD
conditions. In both cases, the columns were taken as square in cross-sec
tion with lateral tie reinforcement. For 18 inches or smaller columns, 8
main bars were used, and for 20 inches or larger columns, 12 main bars were
used. Bar sizes varied from No. 8 to No. 11. After initial column size
and steel reinforcement were selected, the ade~uacy of the trial column was
verified by constructing an appropriate interaction diagram (Fig. 3), and
checking the design N and M values for compliance with the diagram.

Lateral ties were provided to conform to the minimum tie and shear
reinforcement re~uirements. All ties were designed using No. 3 bar size
and the tie arrangement shown in Fig. 3 was used. The column side dimen
sion, total longitudinal steel reinforcement area Ast, the area Av of
lateral reinforcement effective in resisting shear, and the tie spacing S

care shown in Table 5.

4.5 Discussion of Results - The values of the capacity ratio R and of
the earthquake coefficient CQ are summarized in Tables 8 and 9. Values of
R below unity indicate that the particular element in the building does not
have sufficient capacity to resist the earthquake intensity in a ductile
manner as required by the current code. Four modes of failure were consi
dered: beam bending and shear, and column bending and shear. However, all
modes of failure which result in R < 1.0 indicate a deficiency in the
required level of earthquake resistance.

It can be seen that for all buildings designed prior to 1967, when
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shear requirement to develop full moment capacity was introduced in the
SEAOC Recommendations, column shear capacity is deficient. Capacity
ratios for column shear for these old buildings vary from 0.2 to 0.5, and
indicate a high degree of compliance.

The values of CQ indicate the level of earthquake intensity which the
particular existing building can resist without exceeding the capacity
based on the specified code. In order to obtain a realistic estimate of
the earthquake intensity coefficient CQ, all load factors were taken as
unity and all transverse steel reinforcement was assumed to resist shear,
even when A was below the minimum value specified by the code.

v

Based on the capacity ratio values in Table 8, the maximum permissible
time for hazard abatement was determined for building categories A, B, and
C in accordance with the tentative schedule illustrated in Table 4. These
values are shown in Table 10. It is interesting to note that in category C,
none of the post-1946, 3-story reinforced concrete buildings need strength
ening. For the 4-story buildings in this category, only pre-1963 buildings
need some strengthening, and then only if their remaining service life is
projected beyond 35 years (i.e., beyond the year 2010). In this case,
strengthening would be required when buildings constructed in 1955 were to
serve for a total of more than 55 years.

In category A, most 3- and 4-story reinforced concrete buildings would
need strengthening in a relatively short period of time. Even most of the
1973 buildings would require strengthening within 12-14 years to comply
with the 1974 SEAOC requirements with a leniency ratio of 0.2. In category
B, a majority of the buildings in this pilot study would require strength
ening within 18-28 years, i.e., when they reach a service age of 40-50 years
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Table 1 Relationship of ILF to MMI

MMI VIII+ VII VI V-

ILF 1 2 3 4

Table 2 Rating Classification vs. Composite Score

CR < 1.0 1.0 < CR < 1.4 1.5 < CR < 2.0 2.0 < CR- - - -

Good Fair Poor Very Poor
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Table 4 Permissible Time for Hazard Abatement
(Time to strengthen or abolish, years)

Capacity Category A Category B Category C
Ratio R A = 0.2 A = 0.4 A = 0.6

0.1 2 3 5
0.1-0.2 4 8 15
0.2-0.3 6 13 25
0.3-0.4 8 18 35
0.4-0.5 10 23 --
0.5-0.6 12 28 --
0.6-0.7 14 -- --
0.7-0.8 16 -- --

Table 5 Beam and Column Dimensions and Reinforcement Details
(See Fig. 2)

Beam (b = 12 in) Column
FRAME YEAR

A IN2 2 ~

IN2
IN2

H, IN A , IN Sb' IN t, IN Ast ' A , S , INs' v v c

1 46 32 4.8 0.10 10 22 18.7 0.44 11
56 31 4.8 0.10 10 20 15.2 0.44 10

3-3-40 63W 29 4.0 0.22 12 18 10.2 0.37 9
63U 27 4.0 0.22 12 18 10.2 0.37 9
73 29 4.0 0.22 6 18 10.2 0.37 3

2 46 32 4.8 0.10 10 18 10.2 0.37 9
56 31 4.8 0.10 10 18 10.2 0.37 9

3-5-60 63W 28 4.0 0.10 5 14 6.3 0.37 7
63U 23 3.2 0.22 10 14 6.3 0.37 7
73 24 3.2 0.22 5 14 6.3 0.37 4

3 46 35 4.8 0.10 10 24 18.7 0.44 12
56 33 4.8 0.10 10 22 18.7 0.44 11

4-3-40 63W 30 4.8 0.22 12 20 15.2 0.44 10
63U 28 4.0 0.22 12 20 12.0 0.44 10
73 30 4.8 0.22 5 22 15.2 0.80 4

4 46 34 4.8 0.10 10 20 15.2 0.44 10
56 33 4.8 0.10 10 18 12.5 0.37 9

4-5-60 63W 30 4.8 0.10 5 16 8.0 0.37 8
63U 24 3.2 0.22 11 16 8.0 0.37 8
73 25 4.0 0.22 4 16 8.0 0.37 3
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Table 6 Base Shear Coefficients CE

Year Code Number of Stories
3 4

1946 DCB o.on(l) 0.091(1)

1956 DCB 0.080 0.072

1963 DCB 0.050 0.045

I 1973 DCB 0.050 0.045

1974 SEAOC 0.080 0.070(2)

1974 SEAOC o.llO o.llO(3)

(1) Base coefficient 0.080; CE adjusted for 0.5 live load
contribution to WE; i.e., 0.080 (160/140) = 0.091.

(2)S 1=1.0
(3) S = 1.5, I = 1.25

Table 7 Load Factors

Code Ct1 Ct2 Ct
3 Ct4 Ct

5

WSD 1.0 1.0 0.75 0.75 0.75

DSD-63 1.5 1.8 1.25 1.25 1.25

DSD-73 1.4 1.7 1.40 1.40 1.40
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Table 8 Capacity Ratios R (Eg,. 4) - 1973 VEC and 1974 SEAOC
1. Load factors and capacity reduction factors based on code
2. Shear resistance of reinforcement is neglected when

A
v

< A
VMIN

R - UBC 1973 R - SEAOC 1974(1)

Frame Year Beam Column Beam Column

Bend'g Shear Bend'g Shear Bend'g Shear Bend' g Shear

1 1946 1.44 0.51 3.15 0.41 0.96 0.51 1.34 0.41
1956 1.39 0.50 2.41 0.46 0.92 0.50 1.03 0.46

3-3-40 1963W 1.09 0.81 1.61 0.59 0.72 0.81 0.69 0.59
1963U 1.00 0.77 1.61 0.60 0.66 0.77 0.69 0.60
1973 1.09 1.02 1.61 1.12 0.72 1.02 0.69 1.12

2 1946 2.19 0.54 2.25 0.45 1.45 0.54 0.96 0.45
1956 2.11 0.53 2.25 0.45 1.40 0.53 0.96 0.45

3-5-60 1963W 1.59 0.81 1.23 0.71 1.05 0.81 0.52 0.71
1963U 1.03 0.81 1.23 0.74 0.68 0.81 0.52 0.74
1973 1.08 1.04 1.23 1.02 0.72 1.04 0.52 1.02

3 1946 1.46 0.53 3.07 0.36 0.87 0.53 1.19 0.36
1956 1.36 0.52 2.78 0.37 0.81 0.52 1.08 0.37

4-3-40 1963W 1.22 0077 2.15 0.46 0.72 0.77 0.84 0.46
1963U 0.95 0.79 1.84 0.57 0.57 0.79 0.71 0.54
1973 1.22 1.06 2.40 1.12 0.72 1.06 0.93 1.12

4 1946 2.14 0.55 3.30 0.34 1.27 0.55 1.18 0.34
1956 2.07 0.55 2.34 0.38 1.23 0.55 0.91 0.38

4-5-60 1963W 1.85 0.78 1.54 0.54 1.10 0.78 0.60 0.54
1963U 0.99 0.81 1.54 0.57 0.59 0.81 0.60 0.57
1973 1.26 1.10 1.54 1.00 0.75 1.10 0.60 0.99

(1) In calculating CE values, the following factors were used:

S = 1.5, I = 1.25.

- 206-



Table 9 Coefficient C
Q

(EQ. 9) for Maximum Tolerable EarthQuake

1. Capacity reduction factors based on UBC 1973 Code.
2. Load factors = 1.0.
3. Shear resistance of reinforcement is included

in all cases.

C
Q

Beam
I

ColumnFrame Year

Bending Shear Bending Shear

1 1946 .19 .15 .22 .16
1956 .18 .14 .17 .13

3-3-40 1963W .12 .18 .11 .10
1963U .10 .15 .11 .10
1973 .12 .33 .11 .36

2 1946 .32 .24 .16 .13
1956 .31 .22 .16 .13

3-5-60 1963W .21 .25 .09 .08
1963U .11 .17 .09 .08
1973 .12 .33 .09 .22

3 1946 .16 .14 .20 .14
1956 .14 .12 .18 .12

4-30-40 1963W .12 .14 .14 .10
1963U .08 .12 .12 .10
1973 .12 .29 .15 .51

4 1946 .26 .19 .19 .12
1956 .25 .18 .15 .10

4-5-60 1963W .21 .21 .10 .08
1963U .09 .13 .10 .08
1973 .13 .31 .10 .24
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Table lO Time for Abatement of Hazard in
Different Building Categories

Hazard evaluation based on 1974
SEAOC values; see Table 8 for
R values and Table 4 for permis
sible time for hazard abatement.

Building Category A B C

Frame Design Col Col Col
Year

1946 lO 23 --
1956 lO 23 --

3-3-40 1963W l2 28 --
1963U l2 -- --
1973 l4* -- --

1946 lO 23 --
1956 lO 23 --

3-5-60 1963W l2 28* --
1963U l2 28* --
1973 l2* 28* --

1946 8 l8 35
1956 8 l8 35

4-3-40 1963W lO 23 --
1963U l2 28 --
1973 -- -- --

1946 8 l8 35
1956 8 l8 35

4-5-60 1963W l2 28 --
1963U l2 28 --

I "';'3 l4* -- --
--- ~

*Note: Abatement not required by 1973 UBC.
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12 SEISMIC SAFETY OF

EXISTING LOW-RISE REINFORCED CONCRETE BUILDINGS

- SCREENING METHOD -

by

I) II)
Tsuneo Okada and Boris Bresler

SYNOPSIS

This paper describes a methodology for evaluating the seismic safety
of low-rise reinforced concrete buildings and its application to existing
school buildings. The method classifies buildings according to three
types of failure mechanisms; the criteria by which buildings are judged
consider nonlinear behavior in response to two levels of earth~uake motion.
The overall method consists of a se~uence of procedures which are repeated
in successive cycles using more refined idealizations of behavior in each
cycle. The first cycle of the procedure is called the "First Screening"
and is the cycle described in this paper.

1. GENERAL

1.1 Introduction

A methodology has been developed for evaluating the structural ade~uacy

of existing school buildings subjected to strong earth~uakes (1). In this
paper, both the methodology and its application to the evaluation of
existing school buildings are described. The method is based on the earth
~uake resistant design method for reinforced concrete buildings proposed by
H. Umemura and others in 1973 (2,3). However, as the method was initially
developed for the design of new buildings, it has been revised and adapted
especially for evaluating the structural safety of existing buildings. The
method described here evaluates low-rise reinforced concrete buildings, but
could, with appropriate modification, be applied to medium-rise reinforced
concrete buildings.

Although the methodology presented here may re~uire elaboration in
the future, the basic concept of using criteria for evaluating structural
safety and accounting for types of failure mechanisms and nonlinear be
havior in response to graded earthquake motions will provide a basis for
developing even more reliable methods of evaluation.

I) Associate Professor, Institute of Industrial Science, University of
Tokyo, Tokyo, Japan.

II) Professor, Department of Civil Engineering, University of California,
Berkeley, California, U.S.A.
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1.2 Screening Method

The structural safety evaluation considered in this report consists
of a sequence of steps (Fig. 1), each following a procedure which will be
described in Section 1.4. This procedure is repeated in successive
cycles, the assumptions and details of the calculations being refined in
each successive cycle when necessary for a reliable estimate of structural
performance. This repetitive procedure is called "Screening," and is
believed to be the fastest and the most practical method for reasonably
evaluating the structural adequacy of a large number of buildings subjected
to strong earthquake motions.

The first execution of the basic procedure is called the "First Screen
ing." If a building cannot be classified as structurally safe after the
first screening, a second more elaborate screening is required. The process
continues until the structural adequacy (or inadequacy) of a building has
been reliably estimated.

Three screening stages have been proposed in developing the methodology.
In the first screening, the load-deflection characteristic of the first
story or of the weakest story is approximately evaluated. This load
deflection characteyistic is adopted as an analytical model and earthquake
response is evaluated using linear response spectra for the strength safety
evaluation and nonlinear earthquake response spectra for the ductility
safety evaluation. In the second screening, the overall structural
behavior of each story is estimated more precisely and a time history
nonlinear response analysis is adopted. In the third screening, a non
linear response analysis based on the nonlinearity of each member is
adopted. Since the second and the third screening methods are not fully
developed, this paper primarily describes the first screening.

1.3 Criteria for Evaluation of Structural Safety

The most important factors in determining structural adequacy are the
criteria which define permissible damage resulting from a specified earth
quake. The characteristics and intensities of future earthquakes are
uncertain and the response of buildings to such earthquakes involves many
unknown factors.

In attempting to account for these unknowns, two grades of earthquake
ground motion and two degrees of building damage corresponding to the two
ground motions were adopted as shown in Table l(a). The decision criteria
are based on the assumption that only slight structural damage which can be
easily repaired is permitted for a strong earthquake, and that for a
severe earthquake structural damage is permitted, but collapse is not.

1.4 Flow Diagram of Basic Procedures

A flow diagram of the procedure adopted in this report is shown in Fig.
1, which represents the procedure of the first screening; the procedure is
basically the same for all screening stages, but the details of carrying out
the calculations differ.
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The procedure consists of the following five major steps:

(A) Structural Modeling
(B) Analytical Modeling (Evaluation of Structural Response under

Lateral Forces)
(C) Strength Safety Evaluation
( D) Ductility Safety Evaluation
(E) Synthesis Evaluation of Safety

1.4.1 Structural Modeling - Step (A)

The evaluation is begun by selecting a structural model representing
the load transmission system of the building. Gravity and seismic load
transmission systems and the intensity of gravity load are determined by
examining drawings, design calculations, specifications, construction
records, and field investigations. Since proper structural modeling is
one of the most important steps in evaluating structural safety, this step
should be performed with utmost care. If, however, it is difficult to
choose a structural model which accurately characterizes the structural
behavior of the building, several types of models representing different
load transmission systems should be investigated and the adequacy of the
building should be jUdged within the bounds of the results based on the
adopted structural models.

1.4.2 Analytical Modeling (Evaluation of Structural Response under Lateral
Forces) - Step (B)

The load-deformation characteristics of a structural system subjected
to lateral forces in both linear and nonlinear ranges are determined in
this step. Analytical models for earthquake response analysis are also
chosen.

1.4.3 Strength Safety Evaluation - Step (C)

The adequacy of lateral strength is evaluated by considering the
relationship between the strength of the building and the applicable
decision criteria. In order to ensure that only buildings having a high
degree of seismic safety are classified as "safe," the strength require
ment is evaluated using a linear earthquake response analysis. If it is
not clear that a building fully satisfies the criteria matrix, it is
classified as "uncertain," and the next step of the evaluation must be
carried out. This step in the evaluation is used primarily in the first
screening, because buildings which do not pass the first screening
will probably be judged "uncertain" at this step in the second screening.

1.4.4 Ductility Safety Evaluation - Step (D)

The ductility safety evaluation is performed for buildings which
are classified "uncertain" in the strength safety evaluation. This evalua
tion must be based on a nonlinear response analysis. If the response
ductility of the building is greater than the specified limit value, then
the building cannot be classified "safe" and a more precise evaluation of
strength and ductility (the "Second Screening") must be carried out. If,
however, it is clear that the building is "unsafe," the building is so
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judged at this step without re~uiring any further evaluation.

1.4.5 Synthesis Evaluation of Safety - Step E (E)

While the ~uestion of seismic safety can be resolved in the previous
step, it is recommended that the synthesis evaluation be performed as the
final step of each screening stage, in order to determine how safe, unsafe,
or uncertain a building may be. This step in the evaluation should also
provide a basis for reviewing the many assumptions and unknowns incorporated
into the screening process. The synthesis evaluation is helpful in indi
cating the need for rehabilitation and strengthening in existing buildings.

2. FIRST SCREENING METHOD

The criteria for evaluating structural safety and the procedure of
the first screening method are described in this section.

2.1 Decision Criteria for First Screening

For the first screening, the terms "strong" and "severe" earth~uakes

and "reparable" and "noncollapse" structural damage are generally defined
in Table l(a) and are more precisely defined in Table l(b). A strong
earth~uake was defined as having an intensity of 0.3g (i.e., 30% of gravity)
and a severe earth~uake as having an intensity of o.45g, where intensity
is given in terms of normalized peak ground acceleration.

Three different types of failure mechanisms, bending, shear, and
shear bending, were considered. In a bending failure, the failure mech
anism of the building is governed by the bending failure of members and
the failure mechanism is ductile. In a shear .failure, the failure mech
anism of the building is governed by the shear failure of members and is
not ductile but brittle. In a shear-bending failure, shear and bending
failures in individual members occur with the possibility of shear crack
ing, but the overall failure mechanism is governed by bending.

The decision criteria are defined by considering the two earth~uake

intensities and the three types of failure mechanisms discussed above
(Table l(b)). This set of criteria is called the "Criteria Matrix."
The criteria are also illustrated schematically in Fig. 2, where the sym
bol V indicates the criterion corresponding to each earth~uake intensity
and each type of failure mechanism.

The criteria matrix (Table l(b)) together with the assumptions adopted
in the analytical modeling define acceptable levels of damage for strong
and severe earth~uakes. The degree of damage acceptable in the event of
a strong earth~uake (O.3g) is defined to be less than that which occurred
in buildings in the city of Hachinohe during the 1968 Tokachi-oki earth
~uake. For a severe earth~uake (o.45g), a structure satisfying the cri
teria matrix must not collapse.

In order to improve the accuracy of the first screening, modifications
of the criteria matrix should be made to account for the following:
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(1) Local seismological conditions should be considered in choosing
the intensity and characteristics of earthquake ground motion
used in the evaluation.

(2) Since the ductility factors in the criteria matrix, i.e., 2.0 for
an 0.3g earthquake or 4.0 for an 0.45g earthquake, are approxi
mated for the overall ductility of buildings, these factors may
be modified to account for the structural performance of a
particular building. For example, if there is a sufficient amount
of lateral reinforcement to ensure ductility greater than that
defined by the criteria matrix, then the ductility factors of the
criteria malf be increased; if the axial stress in the column due
to gravity load is large, the factor should be reduced.

(3) All buildings are classified into the three major types according
to failure mechanism. However, if more failure mechanisms are
considered, classification may result in more reliable evaluation.
For example: (a) the mechanism governed by overturning of the
foundation which is included in the bending type in this paper,
could be separated from the bending type, and (b) the bending
type of failure could be subdivided into the beam yielding type
and the column yielding type, because it is reasonable to allow
higher ductility for the beam yielding than the column yielding
type.

(4) As the criteria shown in Table l(b) were defined for the overall
response of a building, the matrix should be modified if the
evaluation is based on the structural performance of each frame
or each member.

These considerations are important for improving the reliability of the
first screening method and in developing additional screening stages.
Also, seismic safety malf be reasonably evaluated if these considerations
are accounted for by engineers when executing the proposed first screening.

2.2 Description of First Screening Method

The overall procedure of the first screening method is described in
this section:

Step (A): Structural Modeling - The procedure for the first screening
is the same as that for the general procedure described in
Section 1.4.1.

Step (B): Analytical Modeling - Shear cracking strength, ultimate
shear strength, and bending strength for all stories are
calculated independently and the building is classified
by failure type. Failure type is usually determined by the
characteristics of the first story; if failure at another
story controls, modification of the method is required (1).

By comparing the shear cracking strength Cscl, ultimate
shear strength Csul, and bending strength CByl in terms of
base shear coefficients, the type of failure is determined
as follows:
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Bending type

Shear type

Shear-bending type

Load-deformation characteristics and the values in
the decision criteria matrix also depend on the type
of failure mechanism as shown in Fig. 2.

The fundamental natural period and modal participation
factors are assumed either at this step or at the next step.

Step (C): Strength Safety Evaluation - The lateral strength determined
at Step (B) is compared with the linear response base shear
coefficients. If the building satisfies one of the
following conditions, it is evaluated "safe" both for an
O.3g and an o.45g earthQuake:

For bending t~~e

For she ar type

For shear-bending type:

where

CE (O.3g) < C
- Byl

CE
(O.3g) < C

scI
and-

CE (o.45g) < C 1- su

CE (O.3g) < C 1 and- sc

CE (o.45g) < c
- Byl

CE (O.3g) - Linear response base shear coefficient
for O.3g earthQuake

- Linear response base shear coefficient
for o.45g earthQuake.

In this study, a standardized response spectrum was adopted
for estimating linear response.

Step (D): Ductility Safety Evaluation - The first st ory response dis
placement is calculated using modified modal participation
factors and a nonlinear response displacement spectrum; the
safety of the building is then evaluated using this first
story response displacement. If the response displacement
of the first story is less than that defined by the criteria
matrix, the building is evaluated "safe." The nonlinear
response spectrum used in this evaluation must correspond to
the type of failure mechanism established in Step (B). There
fore, three kinds of nonlinear response spectra corresponding
to the types of failure mechanisms are used to evaluate
response ductility (1).
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Step (E): Synthesis Evaluation of Safety - The synthesis evaluation
of safety in the first screening uses a shear strength
bending strength diagram with shear cracking strength and
bending strength axes (Fig. ll(a)).

2.3 Details of First Screening Method

2.3.1 Step (A): Structural Modeling

The main items for the structural modeling are as follows:

(1) Structural System: The plan of each floor, section of each frame,
cross-section of each member, and detailing of all joints are investigated
through drawings. The foundation system should also be investigated by
examining drawings and specifications. Any modification of the original
design should be carefully checked by field inspection and all available
documentation.

(2) Load Intensity: The average weight per unit floor area, including
all gravity dead and live loads, is either determined from design calculations
or independently calculated.

(3) Load Transmission System: Both gravity and seismic load trans
mission systems should be considered. A rough estimate of the building's
safety may be made by an experienced investigator at this step.

(4) Properties of Materials: The specified material properties should
be evaluated whenever possible. Information on soil conditions is necessary
for evaluating the overturning capacity of the building, and should be
ascertained from drawings or soil investigation reports.

(5) Design Method: Building code provisions, especially those
adopted for the original seismic design, should be checked, and any dis
crepancy between design calculations and the code should be noted.

(6) Other Special Structural Features: Special features which might
affect the seismic safety of a structure should be investigated. Such
features include asymmetry and discontinuity in plan and in elevation,
and local seismicity.

2.3.2 Step (B): Analytical Modeling (Evaluation of Structural Response
under Lateral Forces)

The following approximations are adopted for estimating shear cracking
strength, ultimate shear strength, bending strength, fundamental natural
period, and modal participation factors:

(1) Shear Cracking Strength (C .): The average shear stress method
SCl

(1,2) is used. If the shear cracking capacity of a story level is assumed
as a function of the total cross-sectional area of concrete, then the shear
cracking capacity can be determined as some assumed shear stress times the
total area of concrete.
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Q . = T x (A . + A .)
SCl av Cl Wl

where
Q shear cracking strength at i-th story
sci

T assumed average shear cracking stress
av

A . I column cross-sections at i-th story
Cl

A . I wall cross-sections at i-th story
Wl

Defining the column-area ratio (aci) and the wall-area ratio (awi)' the
shear cracking strength in terms of shear coefficient (Csci ) is:

Q . T

C
SCl av (a + . ) (2 )x asci n w. ci Wl

I W. l

j=i J

where
W. weight of j-th story

J

n total number of stories
A.

Cl
a .

Cl n
I Afj

j=i
A.

Wl
a .

Wl n
I Afj

j=i

A
fj

floor area of j-th story

w. average weight of the i-th floor level and above
l

(
n In )I w. I Af ·

j=i J j=l J

If the average shear cracking stress T is assumed, the shear cracking
strength can be calculated by EQ. 2. av

The average shear cracking stress is estimated by the following method:

Average shear stress when shear cracking occurs at the i-th seismic
element of the j-th story is:

T
av

T X
C ( ~i /~i)A. K.

J J
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where
T

C

A.
l

A.
J

K.
l

K.
J

shear cracking stress which was assumed as 41ft

(f': concrete compressive strength in psi). c
c

cross-sectional area of i-th element

~ cross-sectional area of elements of j-th story

lateral stiffness of i-th element

~ lateral stiffness of j-th story

(
_Ai/K_i)The term of
A. K.

J J

in Eq. 3 is defined as the modification factor for

shear cracking stress (ex )
s

and is assumed as follows:

If it is assmned that all wall elements and all colmnn elements have
similar geometries then the modification factor (ex ) for shear cracking

sin walls is obtained by:

A K
=: w (1 + /)exs A + A

w c w

where

Pv ~ cross-sectional area of walls

Ac ~ cross-sectional area of colmnns

K ~ stiffness of columnsc

~ ~ stiffness of walls

(4)

The modification factor (ex ) can be approximately estimated by Eq. 4 by
assmning the ratio (K /K ) ~

c w

(2) Ultimate Shear Strength (C .): Ultimate shear strength is
SUl

calculated by the following equation:

C . =: ex xC.
SUl SCl

In the first screening, ex is actually taken as 1.9. However, as this value
has been derived from experimental data on shear walls surrounded by
frames (2), it is recommended that the value of 1.9 be modified for walls
without frames or for columns by considering shear span ratio, amount of
shear reinforcement, etc.

(3) Bending Strength (C
B

.): Bending strength is evaluated by an
yl

approximate limit state analysis assmning that plastic hinges form at each
connection of structural beams, columns, and footings.
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The computer programs "HMECH" and "SWALL" have been developed for this
purpose (1). The base shear coefficient for a frame consisting of beams
and columns is calculated by the following method:

At each connection, one of the following failure mechanisms is
assumed: beam-hinge type, column-hinge type, or tie beam-footing type
(Fig. 3). The type of mechanism assumed is determined by comparing either
the sum of the column moments (above and below the connection) to the sum
of the beam moments (to the left and to the right of the connection) or the
column moment to the sum of the tie beam moments and the footing moment.
'I'he lowest sum determines the type of failure mechanism. The average
moment for the type of failure mechanism is assigned either to the column
above and below the connection or to the beam left and right of the
connection. The shear force is then determined:

and

=
m

I
j=l

~M . + EM .
'Y-CJ CJ

h.
l

(6)

where

C.
Q

i
l n

I W.
j=i J

Q. story shear at the i-th story
l

T
M . moment at the top of the column

CJ

E
M . moment at the bottom of the column

cJ

h. story height of the i-th story
l

m number of columns and walls of the i-th story

c. shear coefficient at the i-th story
l

n total number of stories

A shear wall with frames is modeled as an equivalent beam-column frame
with rigid zones as shown in Fig. 4 and analyzed by the following method:

(1) Inflection points of the boundary beams and the tie beams are
assumed between the midspan and the adjacent column line;

(2) Yield hinges at the end of the bOllildary beams are assumed to have
formed;

(3) Distribution of lateral force is assumed to be either uniform or
triangular along the stories;

- 219-



(4) Base shear coefficients for all possible yield hinge mechanisms
are calculated using equilibrium and the minimum value is used as the base
shear coefficient.

The yield moments are calculated by the following equations (2,4):

where

Beam: M
Y

(8 )

M yielding moment
y

At area of tension steel

f yield strength of tension steel
y

d distance from extreme compression fiber to centroid of
tension steel

Column: M =
Y

N
0.8 At· f . D + 0.5ND (1 - bDf')

Y c

where

If the axial load N is greater than 0.4 bDf' this equation mayc'
not be used.

D depth of column

b width of column

N axial load (positive in compression)

f' compressive strength of cOi.1crete
c

Wall Surrounded by Columns: M
Y

A ·f ·L + !2 ·L
g Y

(10)

where
A area of longitudinal steel in a column

g

L distance from the centroids of columns surrounding the wall

N axial load (positive in compression)

Wall without Columns: Use strain compatibility or Eq. 9 .

Footing: The moment based on soil-bearing capacity is substi
tuted for the yielding moment of the footing.

M
Y

=
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where
f stress of foundation soil by axial load N(= N!BL)

o

f
b

ultimate bearing stress of foundation soil

B width of footing slab

L depth of footing slab

(4) Natural period: The following equation may be adopted for approxi
mately estimating the fundamental natural period:

where

T (0.06 - 0.10) x n

n total number of stories

Generally speaking, a smaller value of T results in a conservative
estimation of the nonlinear response displacement, but an unconservative
estimation of the nonlinear response ductility factor. Therefore, it is
recommended that a smaller '"alue of T be assumed in calculating the response
ductility factor and a larger value of T be assumed in calculating the
response displacement for the ductility safety evaluation.

(5) Modal Participation Factor: The modal participation factors of
the first mode are adopted, since the influence of higher modes is negli
gible for low-rise reinforced concrete buildings. An idealized lumped mass
system, such as a system with uniformly distributed story masses and
stiffnesses or a system with a linear mode shape, etc., is adopted for
approximately estimating modal participation factors.

2.3.3 Step (C): Strength Safety Evaluation

In order to evaluate structural adequacy quickly, strength in terms of
the base shear coefficient is compared to the linear response base shear
coefficient. As shown in Fig. 5, if the linear response base shear coeffi
cient falls within the range indicated by the heavy line, the building is
considered to satisfy the decision criteria shown by the symbols V and "
and is evaluated as "safe." Thus, as this evaluation primarily deals with
strength, it is called the "Strength Safety Evaluation." Nonlinear response
is indirectly considered in this step.

In calculating the linear response base shear coefficient CE , the
building is assumed to be a story level lumped mass system with n degrees
of freedom (where n = no. of stories). The linear elastic response of the
equivalent one-mass system is determined by assuming the first mode shape
and neglecting the other modes. The response base shear coefficient, CE,
is then determined by the following equation:

-------x

n

I
i=l

n

I
i=l

(Su) .
l

W.
l

W.
l

S
ex

g
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where
C
E

- response base shear coefficient

(Su). - modal participation factor at the i-th story
l

W. - weight of the i-th story
l

n - total number of stories

S - linear response spectral accelerationex

In calculating the linear response spectral acceleration S , it is
desirable to use a response spectrum which considers foundation gondition,
local seismicity and other features at the site of the building. In order
to simplify the evaluation, however, the following standardized spectrum
by H. Umemura is adopted in this report

2
S = 3500 k (em/sec ) for T < 0.5 secex g

(14)
1750 2

S = k (em/sec) for T ~ 0.5 sec
ex T g

where
T

k
g

natural period of one-mass system in seconds

maximum acceleration of ground motion normalized by the
acceleration of gravity g.

2.3.4 Step (D): Ductility Safety Evaluation

Step (D) estimates the first story displacement using nonlinear response
spectra of displacement and modified modal participation factors to idealize
the nonlinear behavior of the building.

The simple method adopted here roughly evaluates ductility. If, how
ever, the result obtained using this method is ~uestionable, the final
evaluation of safety should be deferred.

In estimating building ductility:

1) the type of failure (type of hysteresis loop) is determined;

2) the e~uivalent one-mass system is estimated;

3) the normalized response spectrum is entered with an estimated
natural period and strengths of the equivalent one-mass system,
and the maximum response ductility of the one-mass system (~ ) is
then estimated; 0

4) the response ductility factor at the first story of the building
(B~) is estimated using ~o and the modification factor (mof) for
the modal participation factors; and

- 222-



5) the ductility safety of the building is evaluated by comparing
the response ductility factor (B~) with the decision criteria.

(1) Nonlinear Response Spectra: Nonlinear response displacement
spectra for the Taft 1952, El Centro 1940 and Hachinohe 1968 earth~uakes

for the three types of hysteresis loops are used in the first screening.

They are:
Origin-oriented hysteresis loop for Shear type

Degrading Tri-linear hysteresis loop for Bending type

Modified Degrading Tri-linear hysteresis loop for Shear-Bending
type.

The response spectra of the origin-oriented and the degrading tri
linear type are from Reference (2). The response spectra of the modified
degrading tri-linear type were calculated by Dr. M. Murakami from Reference
(1) and two examples are shown in Fig. 13. The hysteresis loops are shown
in Fj,g. 6.

(2) E~uivalent One-Mass System and Modified Modal Participation
Factors: A three-story shear type building is used to illustrate the
procedure for assuming an e~uivalent one-mass system and for estimating
the nonlinear response at the first story of the building (Fig. 7).

The basic assumptions for the procedure are that the first mode of
vibration dominates in the linear range, and that each story reaches the
critical stage simultaneously or the first story reaches the critical stage
first.

The shear cracking strength of the e~uivalent one-mass system is:

k
c

n
I w.

i=l l
Cs cl x -n';::-'---

I (SuL w.
i=l l l

where
k

c

CscI

w.
l

cracking strength in terms of shear coefficient of the
e~uivalent one-mass system

cracking strength in terms of shear coefficient of
the first story of the building

modal participation factor of i-th story

weight of i-th story
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may be assumed as

(r3u) .W.
l l

w.
~

n

I
i=l

For a low-rise building, the term,
n

I
i=l

1.0-1.2. The response displacement for the e~uivalent one-mass system
obtained from the nonlinear response spectrum is modified for the ductility
safety evaluation of the first story by the following method:

As shown in Fig. 7, the relationship between the displacement of the
e~uivalent one-mass system and that of the first story of the multi-mass
system is:

B(\ = (Su)l x <5 (16)
c

<5 = (m·f) x (Su)l x <5 (17)
B max max

B)11 = (m.f) x )10 (18)

where
displacement at the first story of the building at the
shear cracking stage

<5
c

displacement of the e~uivalent one-mass system at the
shear cracking stage

o
B max

maximum displacement at the first story of the building

<5max
maximum displacement of the e~uivalent one-mass system

ductility factor at the first story of the building

ductility factor of the e~uivalent one-mass system

modification factor

The modification factor (m'f) in E~s. 17 and 18 is assumed considering
the pseudo-modal participation which depends upon the mode shape in non
linear range.

As shown in Fig. 7, if each story in Building Type A reaches the
cracking stage simultaneously, the modification factor for displacement can
be assumed as unity. The mode shape in the nonlinear range is assumed to
be similar to the linear mode shape in this case.

In the case of Building Type B where the first story reaches the
cracking stage before other stories, a modification factor should be adopted.

If it is assumed that the maximum displacement at the top of Building
Type B is e~ual to that of Building Type A (5), the modification factor may
be assumed as follows:
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where
(SU)t op

(SU)l

- modal participation factor at the top of linear system

- modal participation factor at the first story of
linear system.

2.3.5 Step (E): Synthesis Evaluation of Safety

The result of the first screening is illustrated on the shear
cracking strength-bending strength diagram (Fig. 11).

This diagram is prepared as follows:

(1) Classification of the Type of Failure: Two lines are drawn on
the shear cracking strength-bending strength diagram as shown in Fig. 8.
The solid line indicates the boundary between the bending type and the
shear-bending type and the broken line indicates the boundary between the
shear-bending type and the shear type. The bending strength and the shear
cracking strength at the first story of the building obtained in Step (B)
are plotted in this diagram.

(2) Zoning by Strength Safety Evaluation: Further zoning is possible
both for an O. 3g earth<].uake and for an O. 45g earth<].uake by using the
results of the strength safety evaluation (Step (C)) as shown in Fig. 9.
CE is the linear response shear coefficient at the first story from E<].. (13).
The hatched zone shows that the safety of a building in this zone is
uncertain at this step.

(3) Zoning by Ductility Safety Evaluation: The safety zone is en
larged by using the results of the ductility safety evaluation (Step (D))
as shown in Fig. 10. As the strength is adopted for the coordinates in
Fig. 10, an appropriate conversion from displacement to strength is re
<].uired to express the results of the ductility safety evaluation. For
this purpose, a "Critical Strength" concept (2,3) is adopted in this report.

It has been recognized that the minimum strength which is re<].uired in
order that a building's maximum response displacement be within the given
ductility factor could be approximately estimated using a nonlinear response
spectrum (2,6,7,8). This minimum strength is called "Critical Strength."
Generally speaking, critical strength depends on nonlinear load-deformation
characteristics, damping characteristics, characteristics of the ground
motion, etc.

In this report, these factors have been already assumed. Critical
strength can be estimated if the natural period, the mode shape of the
building, and the modification factor (m.f) for the mode shape in the non
linear range are evaluated.

For example, for a bending type building in an 0.3g earth<].uake, the
maximum allowable ductility factor of an e<].uivalent one-mass system is:
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= 2.0/(m·f) (20)

From the nonlinear response spectrum for the degrading tri-linear
system, the minimum yield strength of the one-mass system (kcr) for pre
venting larger displacements than the ductility factor of ~ is obtained
as foliows: 0

k = CI..k
cr 0 g

The minimum yield strength of the first story is:

n

I (Su) . W.
i=l ~ ~

C = X CI. x k
cr n 0 g

L W.
i=l ~

(21)

(22)

Similar considerations are possible for shear-bending and shear type
buildings. However, since the critical strength of a shear-bending type
building in an 0.45g earthquake depends on the ratio of bending strength
and shear cracking strength, one critical strength which suffices for a
number of buildings of this type cannot be defined. The boundary is, thus,
neither parallel to the ordinate nor to the abscissa in Fig. 10, but is
a curve beginning at point-l and terminating at point-2 as shown in Fig. 10.
In order to facilitate calculation and to keep the evaluation conservative,
the line 1-2-3 was adopted instead of the curve 1-2 (Fig. 10).

In
for the
for the

Fig. 10, Ccr (0.3g) and Ccr(0.~5g) indicate the critical strengths
O.3g and 0.45g earthquakes. Ccr is the critical shear strength
0.45g earthquake.

Diagrams for the 0.3g and 0.45g earthquakes are shown together in Fig.
ll(a) which is divided into nine zones. The characteristics of each
zone are shown in Fig. ll(b). By plotting the results obtained by the
first screening in a diagram such as Fig. ll(a) , the synthesis evaluation
of safety, including the ranking of safety, can be easily carried out.

The buildings belonging to Zones A, B, C, and D are evaluated
"safe" in the Strength Safety Evaluation and are ranked as I. The
buildings of Zone E are evaluated as "safe" in the Ductility Safety Evaluation
and are ranked as II.

Because the buildings in Zones F and G satisfy either the criteria
for an 0.3g or an 0.45g earthquake but not both, they are ranked as III.
However, since they are located at the boundary between safety and
unsafety, it is recommended that they be more precisely evaluated in
further screenings.

The buildings in Zones H and I receive the worst ranking of IV. These
buildings can be classified as "unsafe" in the first screening.
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3. APPLICATION OF FIRST SCREENING TO EXISTING BUILDINGS

The method described above was applied to two school buildings in
California; in this paper, these buildings will be identified as "School
Building A" and "School Building B." The method was also applied to
damaged and undamaged buildings located in the city of Hachinohe which
was affected by the 1968 Tokachi-oki Earth~uake.

3.1 School Building A

3.1.1 Step (A): Structural Modeling

(1) Structural System: School Building A, constructed in 1965, is
a three-story reinforced concrete building consisting of core walls,
precast concrete columns, and lift-slabs with post-tensioning. On the
second and third floors there are exterior walls of precast concrete
panels. The plan of the structural system is shown in Fig. 12.

(a) Foundation - Ground soil consists of "sandy silty clay." The
allowable bearing capacities adopted in the original design were 3000 lb.
per s~. ft. for the vertical load of (dead load + 1/4 x live load) and
4500 lb. per s~. ft. for (dead load + live load).

(b) First Floor - The first floor slab is a 4 in. concrete slab,
directly supported on the ground soil. First floor vertical elements
consist of precast concrete columns 16 in. x 16 in. with 4 No.9 bars
for exterior columns and 18 in x 18 in. with 6 or 8 No.9 bars for
interior columns, core walls 9 in. thick, shear walls 10 in. thick, and
brick veneer exterior walls. Since the brick veneer exterior walls are
located at the columns' midspans and terminate at the ceiling, they are
not considered to be structural elements.

(c) Second and Third Floors - The structural elements of the second
and third floors are the same as those of the first floor with the
exception of the reinforcement used for the interior columns and exterior
walls. The floor slabs are concrete lift-slabs, 8-1/2 in. thick with post
tensioning. The slab is connected to columns by steel shear collars and
shear bars inserted into the columns. The anchorage bars are placed at
the connection between the slab and the concrete wall. The exterior wall
was not considered to be a structural element in the original design.
However, it is expected that the exterior wall acts as a structural ele
ment during an earth~uake because lateral stiffness may be fairly great.

(d) Roof - The roof consists of roofing, vermiculite, and a post
tensioned ~rete slab 8-1/2 in. thick.

(2) Load Intensity: The average dead weight of the building per unit
floor area including beam, column, wall, and other dead load was calcu
lated as 156 psf.

(3) Load Transmission System:

(a) The gravity load of the floor system is transmitted to the foun
dation primarily by the columns, although part of the gravity load can be
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transmitted through the interior walls. The exterior wall panels m~ also
transmit some part of the gravity load.

(b) Seismic load is primarily transmitted through the core walls to
the stairs and elevators and the walls in the F- and J-frames. These are
called "core wall," "elevator wall," and "FJ-wall," respectively in this
paper. As there was a construction joint at the middle of the floor slab,
the floor system of the building was considered to consist of two separate
parts in the original design. But since the joint was filled by concrete
after fabrication, the floor system was considered to be continuous in
evaluating lateral force response. The exterior wall panels at the second
and third floors were not considered to be structural elements in the
original design, but can carry fairly large portions of lateral force.

(4) Material Properties: Material properties specified in the
original design ., ere as follows:

concrete - 5000 psi compressive strength for precast concrete
columns
4000 psi lightweight aggregate concrete for slabs
and walls

steel - A432 (Grade 60) for longitudinal reinforcement of
columns
Al5 (Grade 40) for other reinforcement

(5) Structural Design: The structural design of Building A was based
on Title 19 and Title 21 of the California Administrative Code and the ACI
Building Code (318-63). The adopted lateral shear coefficient was 0.092
for the first story, 0.109 for the second story, and 0.133 for the third
story.

(6) Special Structural Features: In order to evaluate the behavior
of this building in response to lateral forces, the following special
features were considered:

(a) The stiffnesses of the slab-column connection and the slab-wall
connection are uncertain; these values may significantly affect the lateral
force capacity of the columns and walls.

(b) The strength of the slab, which could behave as an e~uivalent

beam in the overall response to lateral forces, is uncertain.

(c) The stiffness and strength of the exterior precast concrete
panels at the second and third stories are also uncertain.

In order to accommodate the range of values represented by these un
certainties, the following two structural models were adopted:

Model A: Lateral forces were assumed to be carried only by
the core walls, elevator walls, and F-J walls.
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Model B: Some part of the lateral force was assumed to be
carried by the columns as well as the walls considered
in Model A.

3.1.2 Step (B): Analytical Modeling

(1) Shear Cracking Strength: Shear cracking strength was evaluated
using Eqs. 2 and 3. The wall ratio, column ratio, and wall-column ratio
are shown in Table 2. Shear cracking strengths in terms of shear coeffi
cients are shown in Table 3. In calculating shear cracking strength, the
following values were assumed:

w = 172 psf including live load of 22.5 psf for the second
and the third floors and 5 psf for the roof

280 2 (41f' psi)l psi (20 kg/cm ) f' = 5000
c c C

l = l 280 ps i for Mode.l A
av c

0.7 l = 196 psi for Model B
c

In estimating lav for Model B, the modification factor as was calculated
by Eq. 4 using the wall ratio and column ratio in Table 2 and assuming
K /K to be 0.25.
,c w

Because it was predicted that shear cracking strength was greater than
bending strength for Model B, it was not necessary to calculate ultimate
shear strength.

(2) Bending Strength: Bending strengths in terms of shear coefficients
are shown in Table 3. The computer programs HMECH and SWALL (1) were used
in calculating the bending strength of frames and walls with boundary
beams, respectively, based on the method described in Section 2.3.

The following assumptions were adopted in the calculation:

Yield strength of reinforcement: 60,000 psi for Grade 60 and
40,000 psi for Grade 40

Concrete compressive strength: 5000 psi for precast concrete columns
and 4000 psi for walls

Ultimate bearing capacity of ground soil: A value twice the allowable
bearing capacity of 4500 psf adopted in the original design was
assumed

Bending capacity of equivalent beam for lift-slab: A value greater
than the bending capacity of the columns in Model B was assumed.

(3) Estimation of Failure Type: In order to determine the failure
type for the building, shear strength was compared to bending strength.
For both Model A and Model B, the failure type was "Bending" as shown in
Table 3.
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In the case of Model A, the rotation of the footings of the shear
wall, which is included in the "Bending Type" in this report, may govern
the failure mechanism. In the case of Model B, the yielding of the columns
as well as the rotation capacity of the shear wall may contribute to the
failure mechanism. For buildings with such failure mechanisms, evaluations
can be made for the first story.

(4) Fundamental Natural Period: A value of 0.3 sec. was assumed for
the analysis using an approximation from Eq. 12.

(5) Modal Participation Factors: Assuming the uniform distribution
of mass and stiffness, the modal participation factors were estimated as
follows:

(l3u) 3 = = 0.54

3.1.3 Step (C): Strength Safety Evaluation

14.
The linear base shear coefficient C

E
was calculated using Eqs. 13 and

=For 0.3g earthquake:

For 0.45g earthquake:

C
E

(0.3g)

cE(0.45g) =

0.99

l.48

After comparing the strength of the building shown in Table 3 with the
linear response base shear coefficients, it was judged that the safety of
the building could not be evaluated at this step.

3.1.4 Step (D): Ductility Safety Evaluation

The nonlinear response spectra for the degrading tri-linear loop shown
in Fig. 13 were used for the ductility safety evaluation.

(1) The strength of the equivalent one-mass system was calculated
n n

using Eq. 15 by substituting CByl for Cscl. The term ( I W./ I (l3u). W.)
i=l ~ i=l ~ ~

was assumed to be 1.1 (Table 4).

(2)
in Tables

Nonlinear res onses of the e uivalent one-mass s stems are shown
They were calculated by the following method:

The X-direction of Model A for an 0.3g earthquake (Taft) is chosen
as an example for explaining the method. Assuming a natural
period of 0.3 se.conds, the response displacement for a l.Og
earthquake was estimated as more than 12 inches (30 cm) (Fig. 13).
The displacement of 30 cm was obtained from the curve for k /k
of 0.5. y g

The ductility factor was obtained by the following equation:
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where

]J

S . k
D g

(23)

SD response displacement for 1.Og earthquake

T2 natural period for yielding stiffness

Substituting 30 cm for SD. 0.37 for ky/kg , and 1:2 T
l

(1:2 x 0.3) for
T2 , a ductility factor of 9 was obtained.

(3) The nonlinear responses of the building are shown in Table 6.
They were obtained using the method described in Section 2.3.4, incor
porating the response of the equivalent one-mass system. The modification
factor (m.f) was assumed to be 1.0. This assumption is probably reasonable
for Model A because the failure mechanism is governed by the rotation of the
wall footing. However, this value is slightly unconservative for Model B
because the failure mechanism in that case is a combination of the footing
rotation and column yielding types. As shown in Table 6, the displacements
of Model A are much greater than those allowed by the criteria, both for
the 0.3g and 0.45g earthquakes. The displacements of Model B satisfy the
criteria for all cases but that of the 0.45g earthquake of the 1968
Hachinohe EW type.

3.1.5 Synthesis Evaluation of Safety

The structural characteristics of the building are shown in Fig. 14.
The critical strengths Ccr and Ccr were calculated using Eq. 22. From the
response spectra for degrading tri-linear loop, the values of an for Ccr
were assumed to be 1.5 for an 0.3g earthqUake and 1.0 for an 0.45g earth
quake. For Ccr ' anwas assumed to be 1. 5 for an O. 45g earthquake from the
response spectra for an origin-oriented loop.

The results of the safety evaluation described above suggest the
following:

(1) If Model A represents the building, the extremely large displace
ment beyond the displacement capacity may occur in both the O.3g and o.45g
earthquakes. The building is thus evaluated to be "unsafe."

(2) If Model B represents the building, the building may be "safe" in
an earthquake of the Taft 1952 type or the El Centro 1940 type, but
"uncertain" in an earthquake of the Hachinohe 1968 type.

For Model B, it was assumed that the bending moment of the column
transferred fUlly to the slab through the joint, while the moment trans
mission through the joint was neglected for Model A. Considering the detail
ing of the joint, the real behavior of the building may be supposed to lie
between that of Model A and Model B, but closer to Model A.

The final decision as to the safety of the building at the end of the
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first screening was that it was "llilcertain," but close to "llilsafe."

3.2 School Building B

School Building B, constructed in 1964, is a two-story reinforced
concrete structure with a partial basement, consisting of beams, columns,
joist slabs, and tilt-up concrete walls as shown in Fig. 15.

The gravity load of the floor system is transmitted primarily through
the beams in the Y-direction and the columns to the fOllildation. Some part
of the gravity load may be carried by the walls. The seismic load is
transmitted through the columns and the walls. However, the lateral force
transmission capacity of the walls in the X-direction is uncertain because
the stiffness of the joint between the wall and the slab is not known. A
base shear coefficient of 0.133 was adopted for the original seismic design.

Concrete with compressive strengths of 2500, 3000, and 2000 psi was
used for the frames, wallS, and footings, respectively. Al5 steel (Grade 40)
was used as reinforcement.

Since the stiffness of the joint between the slab and the wall in the
X-direction (walls in lines 2 and 5 in Fig. 15) was not known, two
structural models were adopted for the X-direction. In one model, Model XA,
the walls mentioned above were not considered to be seismic elements, and
in the other, Model XB, the contribution of such walls to the lateral force
capacity was fully considered. The fundamental natural period was assumed
as 0.2 sec. for the Y-direction and for Model-XA,and as 0.16 sec. for
Model-XB.

The response displacement and ductility factor of the building are
shown in Table 7 and the characteristics of the building are shown in
Fig. 16. The failure mechanism in the Y-direction is estimated as "Bending
Type" and the building is evaluated as "safe."

The safety of the X-direction strongly depends on the behavior of the
exterior precast concrete tilt-up walls in lines 2 and 5. If the stiffness
and strength of the joint between the slab and the wall were enough to
transfer shear force, then the failure type in the X-direction would be
"Shear Type" and the building would be evaluated as "safe." If, however,
the stiffness and strength of the joint were insufficient, a large displace
ment would be predicted and the building might be judged "llilsafe." More
investigation of the detailing of the joint is required.

As far as can be determined from the drawings, it would not be difficult
to increase the stiffness and strength of the building even if structural
performance at the j oint were evaluated to be inadequate.

3.3 Buildings in the City of Hachinohe in the 1968 Tokachi-oki Earthquake

The characteristics of the reinforced concrete low-rise buildings in
the city of Hachinohe during the 1968 Tokachi-oki Earthquake are shown in
Fig. 17.
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The major assumptions adopted in the evaluation were:

Average weight of the buildings: 1 t/m
2

(205 psf)

Average shear cracking stress:
2

T = 10 kg/em
av

(140 psi)

In estimating C using Eq. 22, the term:
cr

n

I (f3u).W.
i=l l l

X an 0

I w.
i=l l

was assumed to be 1.5 for an 0.3g earthquake and 1.0 for an 0.45g
earthquake.

It should be noted that the proposed first screening method can
evaluate buildings damaged in an earthquake.
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TABLE 1 CRITERIA MATRIX FOR JUDGING EARTHQUAKE

SAFETY OF REINFORCED CONCRETE BUILDINGS

(a) General Criteria

Grade of Earthquake

Grade of Safety

Strong Earthquake

Reparable Damage

Severe Earthquake

Noncollapse

TABLE 2 WALL RATIO., COLUMN RATIO, AND WALL-COLillfi RATIO

OF SCHOOL .dUILDING A

(b) Criteria for First Screening Stage

Failure
Mechanism

Bending Type

(Ductile)

Shear Type

(Brittle)

Shear-Bending
Type

0.3g Earthquake

Ductili ty Factor (tl) 1)

is less than 2.0

Shear cracking stage

Shear cracking stage

0.45g Earthquake

Ductility factor (lJ)

is less than 4.0

Before shear failure
2)

stage

Yielding stage3 )

Wall Ratio Column Ratio Wall-Colunm

Story Sy (in2/f't2) a
0

a =a + a
wo w c

0.60 0.49 Log
x-direction 0.30 0.24 0.54

0.20 0.16 0.36

0.38 0.49 0.87
y-direction 0.21 0.24 0.45

0.21 0.16 0.37

shear deformation at this stage is considered to be one half
of the ultimate deformation capacity (YUlt = 4 x 10-3 radian).

1) ductility' factor = maximum displacement/yield displacement.

2)

3) displacement at this stage is considered to correspond approxi
mately to a ductility factor of 2.0 for the bending type.

TABLE 3 STRENGTH IN TERIoG OF SHEAR COEFFICIENTS

OF SCHOOL BUILDING A

x-Direction

Shear- Bending Shear- Bending
Csci CByi C

sci
C

BYi

1.0 2..:l& 1.26 "'-22

0.52 Q..:.li 0.63 ~

0.33 0.10 0.41 ~

Shear cracklng strength

Shear- Bending Shear· Bending
C

sol CByi C
sci CByi

0.62 0.30 0.99 0.62

0.34 ~ 0.52 0.40

0.34 0.17 0.42 "'-l£
.Shear cracking strength

y-Direction

Model A

Model A

Model B

Model B

TABLE 4 STRENGTH OF EQUIVALENT ONE-MASS SYSTEM

FUR SCHOOL BUILDING A

Model A Model B

Strength Strength

Earth- Building One-Mass k /k Building One-Mass k /k
quake ' g

, g

kg BCy k, BC, k,
0.10 0.11 0·37 0.27 0.30 l.00

0.3
0.17 0.19 0.63 0.32 0.35 1.17

0.10 0.11 0.24 0.27 0.30 0.67
.0.45

0.17 0.19 0.42 0.32 0.35 0.78
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13 NONLINEAR RESPONSE SPECTRA FOR PROBABILISTIC SEISMIC
DESIGN OF REINFORCED CONCRETE STRUCTURES

by

* +Masaya Murakami and Joseph Penzien'

SYNOPSIS

In the investigation reported herein, twenty each of five different
types of artificial earthquake accelerograms were generated for computing
nonlinear response spectra of five structural models representing rein
forced concrete buildings. To serve as a basis for probabilistic design,
mean values and standard deviations of ductility factors were determined
for each model having a range of prescribed strength values and having a
range of natural periods. Adopting the standard design philosophy, i.e.
only minor damage is acceptable under moderate earthquake conditions and
total damage or complete failure should be avoided under severe earthquake
conditions, required strength levels were investigated for each model.
Selected results obtained in the overall investigation are presented and
interpreted in terms of prototype behavior.

I. INTRODUCTION

The general philosophy of seismic resistant design in most countries
of the world, including Japan and the United States, is that only minor
damage is acceptable in buildings subjected to moderate earthquake con
ditions and that total damage or complete failure should be prevented
under severe earthquake conditions. This philosophy serves as the basic
criterion for assessing the potential seismic performance of existing
buildings and for defining design criteria for new buildings.

Usually, the above philosophy is applied to performance assessments
and to design in a deterministic manner. In this case, seismic response
analyses are carried out for fixed mathematical models using fully pre
scribed ground motion excitations. It should be realized however that many
uncertainties exist in this method. The highly variable characteristics
of ground motions, even for a given site, is the major cause of these un
certainties. However, other causes also exist such as the variability of
structural properties. For this reason, nondeterministic methods which
formally recognize uncertainties and which predict response in pro
babilistic terms should be encouraged. Meanwhile every effort should be
made to reduce the uncertainties through experimental and analytical
research and through improved design and construction methods.

*Visiting Assistant Research Engineer, University of California, Berkeley
and Associate Professor of Architectural Engineering, Chiba University,
Japan.

t Professor of Structural Engineering, University of California, Berkeley
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To carry out nondeterministic seismic analyses, an appropriate
stochastic model must be established for the expected ground motions. If
sufficient strong ground motion data were available this model could be
obtained by direct statistical analyses. However, due to the limited data
available, one is forced to hypothesize model forms and to use the existing
data primarily in checking the appropriateness of these forms. The
particular model used in this investigation is essentially nonstationary
filtered white noise as commonly used by many investigators [1, 2]. While
this model is admittedly not perfect, it does reflect the main statistical
features of real ground motions; therefore, its use in seismic response
analyses leads to more realistic predictions than does a single fully
prescribed accelerogram.

Since it was the intent of this investigation to concentrate on low
rise reinforced concrete buildings, two basic single degree of freedom
structural models were selected for dynamic analysis purposes, namely, the
so called "Origin-Oriented Model" and the "Trilinear Stiffness Degrading
Model" [3]. These models were selected to represent structures which fail
primarily in shear and flexure, respectively. Various strength values
were prescribed for these models and their initial stiffnesses were varied
to produce a wide range of fundamental periods.

Mean values and standard deviations of ductility factor were generated
using the five different classes of earthquake accelerograms for each
structural model having a prescribed period and assigned strength values.
These statistical quantities can be used as the basis for probabilistic
design.

Accepting the basic philosophy of design previously mentioned, namely
that only minor damage is acceptable under moderate earthquake conditions
and that total damage or complete failure should be avoided under severe
conditions, Umemura has proposed a basic criterion for seismic design which
has been adopted herein [3]. This criterion has been used in probabilistic
terms to establish appropriate strength levels for each model consistent
with the basic design philosophy.

II. GENERATION OF ARTIFICIAL EARTHQUAKE ACCELEROGRA1~S

A. STOCHASTIC MODELS

Two basic types of nonstationary processes are commonly used to
represent earthquake ground motions, namely, nonstationary filtered white
noise and filtered shot noise [1, 4, 5]. Shinozuka and Sato suggest that
under similar conditions both types lead to essentially the same response
characteristics of linear systems [6].

In the present investigation, five specific types (Types A, B, B02 '
C, and D) of artificial accelerograms were generated using the second of
the above mentioned basic types. A digital computer program (PSEQGN)
developed by Ruiz was used for this purpose. This program follows a
procedure consisting of five phases, (1) stationary wave forms are generated
having a constant power spectral density function (white noise) of intensity
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S over a wide range of frequencies starting at zero frequency~ (2) non
s~ationary shot noise is next obtained by multiplying each stationary wave
form by a prescribed time intensity fUnction~ (3) each of the resulting
wave forms of shot noise is then passed through a second-order filter which
amplifies the frequency content in the neighborhood of a characteristic
frequency and attenuates the higher frequencies~ (4) next each of these
filtered wave forms is passed through a second second-order filter which
eliminates the very low frequency content~ and finally (5) a baseline
correction is applied to the double filtered accelerograms in accordance
with the procedure of Berg and Housner [7J. Both second-order filterings
are accomplished digitally by solving numerically the second-order differ
ential equations relating filter outputs to their corresponding inputs [8J.
These solutions are obtained numerically by the standard linear acceleration
method using constant integration time intervals of 0.01 seconds. By this
procedure~ final accelerograms are obtained in digitized form with each
having similar 0.01 second time intervals.

B, TIME INTENSITY FUNCTIONS

Five classes of earthquake accelerograms (Types A~ B, B02~ C and D)
were generated using four different time intensity functions as shown in
Fig, 1, These intensity functions are the same as those used previously by
Jennings~ et al [2J. Note that accelerograms of Types Band B02 were gener
ated using the same intensity function. All four intensity functions consist
of three phases (1) a parabolic build-up phase~ (2) a constant intensity
phase~ and (3) an exponential decay phase, The total durations of these
particular functions are 120~ 50~ 12 and 10 seconds~ respectively; however~

since the ends of the decay phase do not affect maximum response of damped
structural systems~ they were cut off at 75~ 30~ 10 and 5 seconds for Types
A~ B~ C and D~ respectively.

C, HIGH FREQUENCY FILTER CHARACTERISTICS

As previously stated~ the nonstationary shot noise wave forms were
obtained by multiplying each stationary wave form having a power spectral
intensity S by a prescribed time intensity function,

o

The high frequency filtering procedure was then used to shape the
frequency content of the shot noise wave forms using the transfer function
(complex frequency response function [8J)

=
2 2 2 2

[l-(w/w ) J + 4~ (w/w)
o 0 0

(1 )

This transfer function~ previously suggested by Kanai and Tajimi for this
purpose [9~10J~ is usually written in the more familiar form

=

1 + 4 ~ 2
o

2
(w/w )

o

4 ~2 (w/w )2
o 0

(2)
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Jennings, Ruiz, and other investigators have also used this same trans~er

~unction.

Parameters Wo and ~o appearing in the above filter ~unction may be
thought o~ as some characteristic ground ~requency and damping ratio,
respectively. Kanai has suggested 15.6 rad/sec ~or Wo and 0.6 ~or ~o

as representative values ~or ~irm soil conditions. The ~requency trans~er

~unction in the ~orm o~ Eq. 2 is plotted in Fig. 2a ~or ~o = 0.6. These
same values o~ Wo and ~o were used in the present investigation ~or ~our

o~ the ~ive classes o~ accelerograms, namely, Types A, B, C, and D. Accel
erograms o~ Type :Eb2 used the same value ~or wo , i.e. 15.6 rad/sec., but
a di~~erent value ~or ~o, namely, 0.2. This damping value was selected ~or

Type B02 accelerograms to study the in~luence o~ a relatively narrow band
excitation on structural response.

D. LOW FREQUENCY FILTER CHARACTERISTICS

The low ~requency ~ilter used in this investigation had the trans~er

~unction [2,8]

or

= (W/W~)2[1_(W/W~)2] - 2istW/w~)3

2 2 2 2
[l-(W/W~) ] + 4~~ (w/w~)

[1 -
(4 )

where w~ and ~f are the characteristic ~requency and characteristic damping
ratio, respectlvely, ~or the ~ilter. The damping ratio term ~f was assigned
the numerical value l/~ which reduces Eq. (4) to

Int~oducing the period ratio T/T~, where T = 2rr/w and T~ = 2rr/w~, Eq.(5) becomes

1
(6 )

In this investigation, T~ equals 7 and 2 seconds ~or Types A, B and B02 and
~or Types C and D, respectively. The square root o~ the ~unction given by
Eq. (6) is shown in Fig. 2b.
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E. DISCUSSION ON ARTIFICIAL ACCELEROGRAMS

The constant power spectral intensity So' used in ~enerating the
stationary wave forms, was assigned the value 0.8952 ft /sec 3 . Using a
family of 20 Type B accelerograms, this intensity resulted in a mean peak
acceleration of 0.300g with a standard deviation of 0.032g Increasing
the number of accelerograms to 40 gave a mean peak acceleration of 0.308g
and a standard deviation of 0.037g. Following the method of Gumbel [11],
it is estimated that for an infinite number of similar accelerograms, the
mean peak acceleration would be 0.309g and the standard deviation would be
0.041g. Therefore, in view of this mean peak acceleration and the time
intensity function used, the Type B accelerograms closely represent that
class of motions containing the N-S component of acceleration recorded dur
ing the 1940 El Centro, California, earthquake [2,4].

Table 1 lists the mean values and standard deviations for the peak
accelerations in all 5 classes of accelerograms, i.e. for Types A, B, C, D,
and B02 . In obtaining these results, So was assigned the same value 0.8952
ft 2/sec 3 in each case. Notice that the mean peak acceleration decreases as
the duration of the constant intensity phase in the motion decreases. This
observation is, of course, consistent with the theory of extreme values.
Notice also that the standard deviations are relatively small in each case.

Following the suggestion of Jennings, et. al. [2], the Type A accelero
grams are intended to represent the upper bound ground motions expected in
the vicinity of the causative fault during an earthquake having a Richter
Magnitude 8 or greater. Type B accelerograms are intended to represent the
motions close to the fault in a Magnitude 7 earthquake, such as the 1940
El Centro, California, earthquake and the 1952 Taft, California, earthquake.
The Type C accelerograms are intended to represent the ground motions in
the epicentral region of a Magnitude 5.5 shock, such as occurred during
the 1957 San Francisco earthquake, and the Type D accelerograms are
intended to represent the motions present in the immediate vicinity of the
fault of a 4.5 to 5.5 Magnitude earthquake having a small focal depth, such
as the 1966 Parkfield, California, earthquake. If the artificial acceler
ograms generated as Types A, B, C, and D are indeed to be representative
of these conditions, then each class of motions should be normalized by the
appropriate factors to raise the mean peak acceleration levels from 0.332g,
0.309g, 0.244g, and 0.189g, respectively, to approximately 0.45g, O.33g,
O.lOg, and 0.50g.

Since the extreme values of response for all 5 structural models used
in this investigation were measured in terms of ductility factors, the above
mentioned normalization of accelerograms is not required. These ductility
factors are controlled by a structural model strength to ground motion in
tensity ratio; i.e. ps/mVg where ps is the significant structural strength
parameter, m is the mass of the single degree of freedom system, and vg
is the mean peak acceleration. Allowing this ratio to vary over a pre
scribed range of values is equivalent to allowing Ps and/or vg to vary
independently over restricted ranges.

Further, it should be recognized that the structural response data gen
erated for ground motions of Types A, B, C, D, and B02 can be interpreted in
terms of structural response to other classes of motions. For example,
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suppose one wished to interpret these response data for similar classes of
earthquake motions but for a change in the characteristic ground frequency
Wo to reflect a change in soil conditions. This interpretation can be
accomplished by considering a change in the time scale of the accelerograms;
thus, forcing corresponding changes in the time intensity functions, the
value of Tf, the value of wo ' and the mean peak acceleration. Since the
value of So representing the new classes of accelerograms is to remain
unchanged, the mean peak accelerations of the new motions will be changed
exactly in proportion to the square root of the ratio of the original time
interval to the new time interval. Specifically, suppose the time interval
is considered to be changed from 0.01 sec. to 0.005 sec. for the Type A
accelerograms. In this case, the total duration (as represented by OC,
Fig. 1) is reduced from 75 sec. to 37.5 sec., Wo is increased from 15.6
rad/sec. to 31.2 rad/sec., Tf is reduced from 7 sec. to 3.5 sec., and the
mean peak acceleration is increased from 0.33g to 0.46g (12·0.33 = 0.46).

III. STRUCTURAL SPRING MODELS

A. BASIC PARAMETERS OF MODELS

The single degree of freedom system shown in Fig. 3a was used as the
basic form for all structural models investigated. This model has a linear
viscous dashpot but a nonlinear hysteretic spring. The restoring spring
force is therefore some prescribed nonlinear function F(v) of the relative
displacement v(t). The principal quantities used to characterize this
function are Pc' Py, vc ' and vy as shown in Fig. 3b. Loads Pc and Py
represent the spring restoring forces corresponding to the concrete cracking
strength and the ultimate strength, respectively. Displacements Vc and vy
are the corresponding relative displacements.

B. ORIGIN-ORIENTED HYSTERETIC MODEL

One of the five structural models used in this investigation was the
so-called "Origin-Oriented" hysteretic model proposed by Umemura, et. al.
[3J. This model is shown in Fig. 4 where it is characterized by Psc' Psy'
vsc ' and vsy which represent the concrete shear cracking strength, the
ultimate shear strength, the relative displacement produced by Psc' and the
relative displacement produced by Psy' respectively. Application of this
model is restricted to those structural types where the nonlinear deforma
tions and failure characteristics are controlled primarily by shear.

This model is defined such that the hysteretic behavior takes place
with increasing relative displacements greater than vsc or decreasing dis
placements less than -vsc ' Reduction of loads from values greater than Psc
or less than -Psc follow linear paths always directed through the origin,
e.g. paths A'O and A"O in Fig. 4. Oscillatory motions can, of course, take
place along the linear paths such as A'ON and A"OA" (with a constant damping
ratio ~l) without developing hysteretic loops provided the maximum displace
ments do not exceed the maximum displacement previously developed. The
particular model plotted in Fig. 4 is for the case where p = 1.9 p ,
v = 10.0 v ,k

2
= 0.1 k , and k

3
= 0.19 k . sy s c

sy sc 1 1
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C. TRILINEAR STIFFNESS DEGRADING HYSTERETIC MODEL

Four of the five structural models used in this investigation were
the so-called "Trilinear Stiffness Degrading" hysteretic model [3]. This
model is shown in Fig. 5 where it is characterized by PBc' PBy' vBc ' and
VBy which represent the load at which the concrete cracks due to flexure,
the load at which the main reinforcing steel starts yielding due to flexure,
the relative displacement produced by PBc' and the relative displacement
produced by PBy' respectively. Application of this model is restricted to
those structural types where the nonlinear deformations and failure char
acteristics are primarily controlled by flexure.

The trilinear model is defined such that linear elastic behavior
(without hysteretic loops) always takes place for oscillatory displacements
where the corresponding oscillator loads are in the range - PBc < P < PBc;
however, hysteretic behavior occurs with every cycle of deformation which
has load levels above PBc or below -PBc' During that period of time
between the initiation of loading and that instant at which the relative
displacement first increases above VBy or decreases below -VB ' the tri
linear ~odel behaves exactly like the standard bilinear hyste~etic model
having stiffnesses kl and k2 (QPOAB; Fig. 5a). However, as soon as the
relative displacement increases above vB or decreases below -vBy ' a new
bilinear hysteretic relation controls th¥ response. For example, suppose
the relative displacement for the first time increases above VBy to level
vmax as represented by C in Fig. 5a. Upon decreasing the displacement
from this level, the corresponding load decreases along path CD which has
a slope equal to ak

l
, where

2 vBy
vmax + vBy

As soon as the load drops by the amount 2PBc reaching point D in Fig. 5a,
any further drop in load will follow the continuing path shown having a
slope ak2 . It should be noted that point D is located at load level PBc
in Fig. 5a but only because the particular trilinear model represented in
that figure is for PBy/PBc = 3.0. If this ratio had been assigned a
different numerical value, the load level at point D would be different
from PBc'

The new bilinear hysteretic model controlling the continuing motion
is shown in Fig. 5b. Note that the origin of the skelton curve is shifted
from point 0, the origin of the original bilinear hysteretic model, to
point 0'. This point is the intersection point of line QC and the abscissa
axis in Fig. 5a; therefore 00' is equal to BC/2. The stiffnesses of the
new bilinear model are ak

l
, and ak

2
.

If during the period of response controlled by the second bilinear
model (Fig. 5b) the relative displacement should increase beyond vmax
(vmax = VBy') as represented by point B' to a new level as represented by
C', the continuing response would be controlled by a third bilinear
hysteretic model whose characteristics could be obtained in exactly the
same manner as ~he characteristics of the second model. Also, if yielding
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of the trilinear model had taken place at load level -PB rather than load
level PB ' the new bilinear model controlling the contin~ing motion would
be obtai~ed by a similar procedure.

One characteristic feature of the trilinear stiffness degrading model
worth noting is that when subjected to full-reversal cyclic displacements
at a constant amplitude the bilinear hysteretic loops are perfectly stable,
i.e. each loop retraces the preceding one. The energy absorbed during
each successive cycle must therefore be equal. Using a period T2 = 2rr Im/ky '
where ky is an average stiffness as shown in Fig. 6, one can calculate the
equivalent damping ratio ~ for a linear viscously-damped single degree
system which represents the same energy absorption per cycle of oscillation.
This damping ratio is shown in Fig. 6 for each of four different bilinear
models.

IV. SELECTION OF MODEL PARAMETERS

A. ORIGIN-ORIENTED HYSTERETIC SPRING MODEL

As previously defined, the origin-oriented hysteretic model shown in
Fig. 4 is completely characterized by any four of the seven parameters kl ,
k2' k3' P ,p ,v ,v Based on experimental data [3], it has been. sc sy sc sydetermlned that

(8)

v = 10 vsy sc

which reduces the number of independent parameters to two. It is most
meaningful to let one of these two parameters be a stiffness parameter and
the other be a strength parameter. For this purpose, it is convenient to use
period Tl = 2rr Im/kl and the con£rete cracking force Psc' As shown later,
Psc is normalized by the force mvgo ' where vg is the mean peak ground
acceleration.

B. TRILINEAR STIFFNESS DEGRADING HYSTERETIC SPRING MODEL

The general trilinear stiffness degrading hysteretic model shown in
Fig. 5 is completely characterized by any four of the seven parameters kl ,
k2 , ~, PBc' PBy' vBc ' VBy' Four specific models, which were previously
studied by other investigators [3], were selected for this investigation,

l. k = 2k
l PBy = 3PBcy

2. k 2k
l PBy = 2PBcy

(10)
3. k 4k

l PBy = 3PBcy

4. k = 4k
l PBy = 2PBcy
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These four models were chosen because ky and PB are often found in the
ranges 2kl < ky < 4kl and 2PBc < PBy < 3PBc' rerpectively, for reinforced
concrete members. For frame structures, these ranges are not so well
defined so that engineering judgment must be relied upon in assigning
values consistent with their overall nonlinear behaviors.

Having assigned numerical values to the ratios ky/kl and PB IPBc' only
two independent model parameters remain. In this case it is mos~ convenient
to select a stiffness parameter measured in terms of Tl = 2rr Im/kl and a
strength parameter measured in terms of PBy. ~Again, the strength parameter
selected (PBy) is normalized by the force Ii! vg '

C. VISCOUS DAMPING MODEL

As shown in Fig. 3a, the single degree of freedom model used in this
investigation included a linear viscous dashpot having a variable coefficient
c. The amount of viscous damping used with both the origin-oriented shear
model and the trilinear stiffness degrading flexure model was controlled
by using a stiffness proportional dashpot coefficient with the proportionality
constant set by prescribing the initial damping ratio.

V. DYNAMIC RESPONSE ANALYSIS

The complete time history of dynamic response was generated for the
single degree of freedom system using the five different structural models
subjected seperately to the twenty artificially generated earthquake
ground motions. The equation of motion governing this response is the
well known relation

m -iT(t) + c(t)';'(t) + F(v) = - m -iT (t) (11)
g

where F(v) is the nonlinear spring force defined by the hysteretic model
being considered; i.e. the spring force defined by either Fig. 4 or Fig. 5.
Dividing through by m~ (a constant) gives

go

+
m v go

v (t)
~

v go

(12)

Note that the third term on the left hand side of this equation is the
same force-displacement relation defined by the hysteretic model but with
the force normalized (as previously mentioned) by the constant m ~ .

~ go
Knowing the numerical values assigned to constants vgo ' Sl' and Tl' as well
as the prescribed value of Psc/m ~go (or PB 1m Vgo )' one can solve Eq. (12)
for the complete time history of response v1t). This solution is obtained
numerically using the standard "linear acceleration" method. The time
interval ~t generally used in the integration was shortened to a sub
divided value ~t' during short periods of time in which the model stiff
ness changed value. The numerical values of ~t and ~t' used for four
different ranges of period T are shown in Table 2.

l'

- 255-



(14)

The response quantity of primary interest is the ductility factor ~

which is defined as vet) Iv for the origin-oriented model and as
vet) IV

B
for the tril~~~arS~tiffness degrading model. This factor was

obtaT~d flr each of the five structural models when subjected separately
to each of the 20 ground motions generated for Types A. B. C, D. and BO .
The damping ratio ~ was assigned the value 0.05 for the origin-oriente&
model and 0.02 for the trilinear stiffness degrading model. Since the duc
tility factor was desired for a range of stiffnesses. period Tl was assigned
10 different numerical values as given by

0.1(2)n/2 (n = 0,1,2 •... ,9)

Using the origin-oriented model, ductility factors were obtained for
a range of values of psc/m ~go' namely 0.50, 0.75, 1.00, 1.25, 1.50, 1.75,
2.00, 2.25, 2.50, and 3.00. Using th~ trilinear stiffness degrading model,
these values were obtained for PBy/m Vgo equal to 0.50, 0.75, 1.00, 1.125,
1.25, 1.50, and 1.75.

VI. DUCTILITY RESPONSE SPECTRA

A. LINEAR ELASTIC MODEL

To characterize the five classes of earthquake motions (Types A, B, C,
D, and B02 ) in most familiar terms, all 20 accelerograms of each type were
seperately used as the excitation applied to a linear, viscously damped
(s = 0.05) single degree of freedom system. Mean absolute acceleration
response ratios a as defined by

z;:t(t)
max

v go

, where ~t(t)max is tge mean value of 20 maximum absolute accelerations
[vt(t)max] and where vgo is the peak mean value of ground accelerations,
were determined for each excitation over a range of periods T. The
coefficients of variation (ratio of standard deviation to mean value) of
vt(t)max were also determined for the 20 accelerograms in each type of
excitation.

The results of the analyses for all five classes of earthquake are
shown in Fig. 9 where the mean absolute acceleration response ratios a and
the coefficients of variation of vt(t)max are plotted as functions of period
T. As would be expected, the values of a for the five classes of earth
quakes are widely seperated at the long period end of the abscissa scale
but converge together towards the low period end of the scale. As the
period goes to zero, a must of course, approach unity. It is seen in
Fig. 9 (excluding Type B02 ) that a increases with duration of the earth
quake excitation. The very high peak shown in the function of a for Type
B02 is caused by the narrow band excitation in the ground motion in the
neighborhood of T = 0.4 sec.

The coefficients of variation of vt(t)max decrease with duration of
excitation and increase generally with period T. It should be recognized
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that as T approaches zero the coefficients of variation of vt(t)max approach
the corresponding coefficients of variation of Vgo(t)max' as given in Table 1.

B. ORIGIN-ORIENTED SHEAR MODEL

Mean ductility factors ~ and their corresponding coefficients of
variation were generated for the origin-oriented shear model using the 20
response time histories for each class of earthquake ground motions. Values,
as obtained over the period range 0.1 < Tl < 1.6 ~ and over the normalized
load range 0.50 < Ss < 3.00 (where Ss is defined as the ratio pc/m vgo ), are
shown in Figs. 10a-lOe. For each type of earthquake, these ductility factors
generally increase with decreasing period and the spread of ductility factors
over the full strength range increases with decreasing period. Also the
ductility factors for a fixed period increases with decreasing structural
strength.

The trends of the coefficients of variation with period are similar to
those previously described for mean ductility factor, particularly regarding
strength level and strength variation. It is most significant to note that
the coefficients of variation are low when the response is essentially
elastic (~ < 1) but they can become very large with increasing inelastic
deformations.

When interpreting the results in Figs. lOa-lOe, it should be noted
that the strength ratio Ss =pc/m ~gO can be expressed in the form

S = (p /W)/(v /g)
s c go

where W is the weight of the single degree of freedom mass and g is the
acceleration of gravity. Therefore, this parameter can be considered as
the ratio of base shear to r.oefficient of mean peak ground acceleration.

If for any particular case one wishes to determine the mean maximum
relative displacement v(t)max' this can be accomplished by using the
appropriate mean ductility factor ~ taken from Figs. lOa-IDe. By definition
of ductility factor, one ran state

(16)

Making use of the definition of Ss givel. above, this equation can be written
in the form

m - ..
Ss ~ vk

l
go

or

(18)

Equation (18) is the most convenient f~~m for calculating v(t) .max
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C. TRILINEAR STIFFNESS DEGRADING FLEXURE MODEL

Mean ductility factors and their corresponding coefficients of varia
tion were generated for the four trilinear stiffness degrading flexure
models using the 20 response time-histories for each class of earthQuake
ground motions. Values, as obtained over the period range 0.1 < Tl < 1.6 /:2
and over the no~malized load range 0.50 < Sf < 1.75 (where Sf is defined as
the ratio py/m vgo ), are shown in Figs. lla-lld, 12a-12d, 13a-13d, l4a-14d,
and l5a-15d for earthQuake types A, B, C, D, and B02 ' respectively.

The general trends of these results are very similar to those pre
viously described for the origin-oriented shear model. It is worth pointing
out again that the coefficients of variation of maximum response are
relatively low for cases of essentially elastic behavior but can become very
large for cases involving inelastic deformations.

As in the case of the origin-oriented model, mean maximum response
can be calculated using the relation

v(t)max = T~ Sf" L:2 W:o]
VII. USE OF DUCTILITY RESPONSE SPECTRA FOR PROBABILISTIC SEISMIC DESIGN

A. SELECTION OF REQUIRED DUCTILITY LEVELS

It is implied in the basic philosophy of design previously stated that
economical considerations do not permit the design of structures for zero
risk of damage in high seismic regions. To minimize total costs (initial
costs, repair costs after earthQuakes, etc.), damage is often permitted to
limited degrees under moderate to severe earthQuake conditions. It should
be understood that permitting some damage to occur in a well designed
structure has the beneficial effect of limiting damage to that same struc
ture. This is due to the fact that the energy absorption associated with
damage is effective in limiting the maximum levels of oscillatory motion
in the structure. Therefore, a good seismic resistant structure should be
designed for high energy absorption capacity assuming it will experience
controlled damage under severe to moderate earthQuake conditions. In terms
of the hysteretic structural models presented herein, this concept means
that the ductility factor should be limited to certain values consistent
with the basic design philosophy.

Assume for the moment that one prescribes two numerical values of
ductility factor for a given structural model. The smaller value was chosen
to be consistent with light damage under moderate earthQuake conditions and
the larger value was chosen to be consistent with heavy damage (but not
complete failure) under severe conditions. Two Questions come to mind (1)
"What is the probability of these ductility factors being exceeded during a
single earthQuake of Types A, B, C, D, or B02 ?" and (2) "What ductility
factors are reQuired, consistent with the design philosophy?". To answer
these Questions, one must establish the appropriate probability density or
distribution functions.
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Previous investigations have shown that the probability distribution
function for extreme value of structural response for a single earth~uake

follows closely the Gumbel Type I distribution [1,4]

p(~) = exp {- exp [- a (~ - u)]} (20)

where
a and
of ~.

a and

~ is the maximum response measured in terms of ductility factor, and
u are parameters which depend on the average and standard deviation
If only 20 sample values of ~ are available as in this investigation,

u can be obtained using the relations [11]

1.063/0
~

(21)

and

(22)u ~ - 0.493 0
~

where ~ and 0 are the mean and standard deviation of the 20 sample values
of~. Using ~hese e~uations and expressing the standard deviation of ~ in
terms of its coefficient of variation (0 = c ~), E~. (20) can be written
in the nondimensional form ~

p(~) = exp {- exp [- 1.063 (~ - 1 + 0.493c)]} (23)
c

where

(24)

This probability distribution function is plotted in Fig. 7 over a range of
values of c, i.e. over the range 0 < c < 1.5. Since the probability
distribution function is defined such that

p(x) Probability [~ < x]

, the probability exceedance function is given by

Q(x) Probability [~ > x] = 1 - p(x) (26)

The first ~uestion previously raised, namely, "What is the probability of
these ductility factors being exceeded during a single earth~uake of Types
A, B, C, D, or B02 ?", can be easily answered using E~. (26), Fig. 7 and the
data provided in Figs. 10a-15d. The second ~uestion raised, i.e. "What
ductility factors are re~uired consistent with the design philosophy?", is
more difficult to answer. Before attempting to answer this ~uestion, one
must realize that the basic design criteria cannot be met in absolute terms,
i.e. with 100% confidence. This complication is due to the scatter of
coefficient of variation of ductility factor present for each family of
earth~uake excitations. The best one can do is reduce the probability of
exceedance associated with each of the two ductility factors to an acceptable
level. Deciding on an acceptable level is complex as it involves economic,
social, and political considerations.

Suppose for example, it was decided that a 15 percent probability of
exceedance was acceptable, i.e. Q(~) = 0.15 and p(~) = 0.85. Using Fig. 7
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and the data provided ~n Figs. 10a-15d, one can easily establish that
ductility factor ~85 associated with p(~) = 0.85. This has been done for
two trilinear stiffness degrading models subjected to Type A ground motions
giving the results shown in Fig. 8.

B. SELECTION OF REQUIRED STRENGTH LEVELS

To establish the required strength levels of the various structural
models for each class of earthquake motions, one must first prescribe basic
criteria consistent with the basic design philosophy. In the following
discussion, it will be assumed that a 15 percent probability of exceedance
(Q = 0.15, P = 0.85) is an acceptable risk level. Further, it will be
assumed that moderate and severe earthquake conditions are represented by
0.30g and 0.45g, respectively, for the mean peak acceleration of ground
motions. Finally, the two ductility factors, consistent with light and
heavy (but controlled) damage, are chosen as 2 and 10 for the origin
oriented shear model and 2 and 4 for the trilinear stiffness degrading model.
The values of peak accelerations and ductility factors selected above follow
the suggestions of Umemura, et al. [3].

Using data such as shown in Fig. 8 for each structural model and for
each type of earthquake motions, i.e. using c(~rves of M8 5 )vs. Tl , one can
easily obtain the required strength ratios ~ = plm v 0 for discrete
values of Tl' Linear interpolation between the curves f~85 vs. Tl ) for a
fixed value of Tl can be used for this evaluation. The resulting required
strength ratios can then be plotted as functions of period Tl as shown in
Fig. 16. The three sets of curves in the upper left hand corner of this
figure are for the origin-oriented shear model while the remaining sets of
curves are for the trilinear stiffness degrading flexure model. Two of the
three sets of curves for the origin oriented model are for ~85 equal to 2
and 10 consistent with the established design criteria. The third set is
for ~95 (5% probability of exceedance) equal to 10.

Four sets of curves are shown in Fig. 16 for the trilinear stiffness
degrading model for each of three values of ductility factor, i.e. for ~85

equal to 2, 4, and 8. The first two of these (2 and 4) correspond with
those values chosen to meet the basic design criteria. Therefore, the third
group for ~85 equal to 8 have no particular practical value but are of
interest in showing the influence of high ductility on the required load
level. One characteristic feature of all sets of curves shown in Fig. 16
is that the four curves representing earthquake Types A, B, C, and Dare
quite close together in each case showing that the influence of duration of
ground motions is not large. Results for earthquake Type B02 are not shown
in Fig. 16, but as would be expected, these results do show a high tendency
to peak at Tl ~ 0.4 seconds which corresponds with the predominant period
in the narrow band excitation.

When judging which of the two prescribed ductility factors control a
particular design, one should be careful not to base the decision on a
direct comparison of the required strength ratios as shown in Fig. 16 since
these ratios have different normalization factors. For example, consider a
ghear model with Tl = 0.4 sec. Using the light damage criteria, i.e.
vgo = 0.30 g and ~85 =w2 , gives B = 2.2 and Pc = 0.66 mg. Using the heavy
damage criteria, i.e. vgo = 0.45g and ~85 = 10, gives B = 0.8 and Pc = 0.36 mg.
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Note that for these two different levels of damage, the resulting values
for S have a different ratio to each other than do the two values for Pc'
Obviously in this case, the light damage criteria requiring Pc = 0.66 mg
control the design. Let us consider a second example of the origin
oriented model with Tl = 0.15 sec. In this case the light damage criteria
give S = 1.7 and Pc = 0.51 mg and the heavy damage criteria give S = 1.3
and Pc = 0.58 mg. For this particular structural model, the heavy damage
criteria requiring Pc = 0.58 mg control the design. Making similar com
parisons for the various trilinear stiffness degrading models represented
in Fig. 16, one finds that the heavy damage criteria (~g = 0.45g and
~85 = 4) always control the design.

When using the results in Fig. 16 in accordance with the above example
calculations, one should remember that they are based on the ground motion
parameters Wo = 15.6 rad/sec (To = 0.4 sec) and So = 0.6 which represent
firm ground conditions. If one should have quite different ground con
ditions, these parameters should be adjusted appropriately. These adjust
ments shift the level of the predominant frequencies in the ground motions
and also change the mean intensity level ~gO With considerable experience
and using engineering judgement, certain modifications to the data in Fig.
16 can be made to reflect these new conditions.

One very significant feature to notice in Fig. 16 is that generally
for all structural models represented, the required strength ratios for
Tl > 0.2 sec vary in a linear manner with negative slopes along the log
scale for Tl . Converting to a linear scale, the required strength ratio~1/2

would vary in inverse proportion to the square root of Tl, i.e. S ~ (Tl)
for T

l
> 0.2 sec.

VIII. CONCLUDING STATEMENT

The response ductility factors and coefficients of variation presented
herein provide the necessary data for carrying out probabilistic seismic
resistant designs consistent with basic design criteria and the statistical
nature of earthquake ground motions.
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TABLE 1

Mean Values and Standard Deviations of Peak Ground Accelerations

Type of Statistical Number of Earthquakes

Earthquake Quantity 20 40 Infinity

A Mean 0.327 0.331 0.332

Std. Deviation 0.023 0.036 0.040

B Mean 0.300 0.308 0.309

Std. Deviation 0.032 0.037 0.041

C
Mean 0.240 0.243 0.244

Std. Deviation 0.022 0.035 0.039

D Mean 0.191 0.188 0.189

Std. Deviation 0.041 0.039 0.044

B02
Mean 0.346 0.336 0.337

Std. Deviation 0.048 0.049 0.055

TABLE 2

Standard Time Interval and Subdivided Time Interval

Natural Period T
l

, sec.
Interval Type

0.1 and 0.14 0.2-0.4 0.57-1.13 1.6 and 2.26

Standard 0.005 0.01 0.01 0.01

I~bdivided 0.000625 0.00125 0.0025 0.005
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14 USE OF LINEAR MODELS IN DESIGN TO REFLECT
THE EFFECT OF NONLINEAR RESPONSE

* **By Akenori Shibata and Mete A. Sozen

SYNOPSIS

A method to determine design forces for earthquake resistant design of
reinforced concrete structures is described. The method, which recognizes
energy dissipation in the nonlinear range of response, utilizes linear models
and response spectra. The paper contains discussions of (1) equivalent lin
ear earthquake response of single-degree-of-freedom hysteretic systems, (2)
description of the substitute structure method, and (3) a design example
using the method.

INTRODUCTION

The objectives of this report are (a) to discuss the relationship be
tween nonlinear and equivalent linear response of SDF systems to provide
background for the use of equivalent linear models in seismic design, (b)
to introduce the substitute structure method, a design procedure for multi
story frames to reflect the effect of nonlinear response while using linear
response models for analysis, and (c) to describe a specific design example
in which a three story reinforced concrete frame is designed with the pro
posed method and its performance to earthquake motions is evaluated.

SDF SYSTEMS

It has been recognized that the maximum inelastic response of hysteret
ic yielding systems can be satisfactorily determined using equivalent linear
models with reduced stiffness and increased damping determined as a function
of attained maximum displacements or damage ratios. Various approaches to
the linear representation of nonlinear response are discussed in References
1 - 3 and 6 - 13.

Calculated Responses of Nonlinear and Equivalent Linear Models

Maximum responses of nonlinear and equivalent linear SDF systems are
compared in order to describe the basis for the use of equivalent linear
models in the seismic design of reinforced concrete structures.

An equivalent linear model to simulate the maximum inelastic response
of hysteretic system is described by Eq. 1 and 2. It is assumed that the
stiffness of the "prototype" reduces and the damping increases with increase
in inelastic deformation.

Te=/Ji·T .-_.- (1)

where T equivalent period, T = period based on average stiffness at yield
corresp5nding closely to cracked-section stiffness in reinforced concrete,
* Associate Professor, Faculty of Engineering, Tohoku University, Sendai
** Professor of Civil Engineering, University of Illinois, Urbana
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)A= damage ratio = k/k , k = stiffness at yield, k
e e

equivalent stiffness.

fl~ = 0.2 ( I 1/';;:;:' ) -r o. 02.. -----(2.)

where /311. = equivalent damping factor.
used in stead of~ in Eq. 2.

Ductility factor n'= & ISy may be./-. max

(~)j3~ =

Eq. 2 is based on the analysis of substitute damping defined in Eq. 3.

JtL.". / ftL..'ct . x. ott 2 W-e, :i :3. c( t
o 0

acceleration, ~ = velocity response, W-e, = equivalent fre
t\,.. = response duration, .J3s = substitute damping factor.

"where y = ground
quency = .fke/m ,

Substitute damping factors have been evaluated either from the results
of dynamic tests of reinforced concrete frames (Ref. 1 and 2) or nonlinear
response histories of reducing stiffness models representing reinforced
concrete elements. Fig. 2 shows the relation between substitute damping
factors and ductility factors (corresponding closely to damage ratios) cal
culated from inelastic response results discussed in the following. It is
seen that ~s could be approximately represented by the type of curves in
the figure. Eq. 2 corresponds to the curve for r = liS in Fig. 2.

Inelastic responses of SDF systems with reducing stiffness hysteresis
relation shown in Fig. 1 are calculated for various yield levels with step
by-step integration method using El Centro 1940 NS 0.3lG and Taft 1952 N2lE
0.18G ground-motion records. The assumed force-displacement relation in
Fig. 1 is a simple and reasonably good representation of the hysteresis prop
erties of reinforced concrete frames. Effect of tensile strength of concrete
is not considered here. The stiffness k in the nonlinear range is assumed
to be five percent of k, the stiffness bEfore yield. A damping factor of
0.02 is used for response in the linear range. (Ref. 15)

Calculated maximum responses of nonlinear and equivalent linear systems
are compared graphically in Fig. 3 and 4. The correlation is good. It
should be noted that the stiffness as well as damping of the equivalent lin
ear system is based on the maximum displacement calculated for the nonlinear
system. Maximum responses of equivalent linear systems are obtained from
linear response spectra.

General Trends for Nonlinear Maximum Response

It has been shown in Ref. 5 that there are three approximate rules for
correlating elastic response of linear systems having initial periods and
inelastic response of yielding systems for earthquake motions.

1) Displacement is preserved for systems with relatively long periods.
2) Energy is preserved for systems with short periods.
3) Force is preserved for systems with very short periods.

The above trends for nonlinear maximum response to earthquake motions
may be interpreted in terms of the equivalent linear models and the spectrum
shape of earthquake.

- 275-



The calculated maximum displacements of
the idealized response spectra shown in Fig.
in Fig. 6.

equivalent linear systems for
5 with A = 0.3G are presentedmax

The smoothed response spectra in Fig. 5 were selected to reflect re
sponse spectra for six acceleration records, i.e., two components of El
Centro 1940, Taft 1952 and Managua 1972 whose maximum accelerations were
all scaled to the same values (Ref. 3). The spectral acceleration SA for a
damping factor of 0.02 is related to the maximum ground acceleration A
and period T as shown below. max

{

Max (25T*A ,A) for T ~ 0.15sec
max max

SA 3.75*A 0.15 < T ~ 0.4sec ----- (4-)max

1.5*A IT T >0.4sec
max

The smoothed spectra have increasing spectral acceleration with period
up to 0.15sec, constant spectral acceleration between 0.15sec and 0.4sec
and constant spectral velocity for periods greater than 0.4sec.

The effect of damping on spectral response is quite important in the
equivalent linear response analysis. Though it takes very scattered values
in actual response, it is assumed to be expressed by Eq. 5 in relation to
the values for the damping factor of 0.02.

and SA()3 ) are the spectral accelerations for the damping
and ;e , respectively.

SA (ft ) / St\ ( 0, 02.)

where SA(0.02)
factor of 0.02

= tP/(6+l oofi) -----( 5)

Each plot in Fig. 6 refers to a SDF system with a certain period, which
defines the initial slope of "k". Displacement response for equivalent
linear systems for various damage ratios klk are indicated by the solid
curve on each plot. Eq. 4 is entered to pieR the response acceleration at
)3 = 0.02 corresponding to the equivalent period by Eq. 1. This value is
modified using Eq. 2 and Eq. 5. The resulting displacement may be inter
preted in terms of a definition of ductility by connecting this point on
the force-displacement plot back to the line representing linear response
by a straight line with the positive slope k (assumed to be 0.05).

p

The solid curve in Fig. 6 suggest, in conformity with Ref. 5, that in
the nearly constant acceleration range of response (T = 0.1 and 0.3sec)
energy tends to be constant whereas in the nearly constant velocity range
of response (T = 0.5 and 1.Osec) displacement tends to be constant. This
agreement is significant only in that it demonstrates a behavioral model,
explicitly related to the shape of the response spectrum and the energy
dissipating characteristics of the material (reinforced concrete), which
leads to the same approximate rules for the interrelationship between linear
(initial) and nonlinear response in SDF systems as those obtained from over
all observation of a series of calculated response.
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Application to Design

In analyzing the equivalent linear response of a nonlinear structure
of which strength is given in advance, the final damage ratio is found iter
atively so that the assumed damage ratio matches the damage ratio calculated
from the estimated maximum displacement and spacified force-displacement re
lation. On the other hand, if the damage ratio is initially assumed, the
estimated maximum displacement togeth~r with the assumed damage ratio deter
mines the approximate strength required to produce the assumed damage ratio.
This provides a procedure for determination of design forces for given allow
able damage ratios.

THE SUBSTITUTE STRUCTURE METHOD

A method is proposed to determine design forces for earthquake resist
ant design of MDF reinforced concrete structures taking account of inelastic
response using the concept of equivalent linear response. Its objective is
to establish the minimum strength the components must have so that a toler
able response displacement is not likely to be exceeded. The specific ad
vantages are: (1) use of linear models for dynamic analysis, (2) choice in
setting limits of tolerable inelastic response in different elements of the
structure, and (3) deliberate consideration of displacements in the design
process.

The method is applied to structures satisfying the following:

1. The system can be analyzed in one vertical plane.
2. No abrupt changes in geometry or mass in the height of the system.
3. Columns, beams and walls (represented as columns) may be designed

with different limits of inelastic response, but the limits should
be the same for all beams in a given bay and all columns in a given
axis.

4. All structural elements and joints are reinforced to avoid signifi
cant strength decay as a result Qf repeated reversals of the antic
ipated inelastic displacements.

5. Nonstructural components do r.ot interfere with structural response.

Schematic description of the design procedure is given in the follow
ing. (See Ref. 3 and 14 for detail.)

Smoothed Response Spectra

The method requires a set of smoothed response spectra corresponding
to the expected intensity and characteristics of anticipated earthquakes
at the building site. The idealized response spectra in Fig. 5 are used
tentatively for design in this paper. The effect of damping on spectral
response is also assumed as in Eq. 5.

Description of the Method

The main operations of the method are divided into three steps.

1. Based on tolerable limits of inelastic response, determine the
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stiffness of the substitute-frame members.
2. Calculate modal frequencies and smeared damping factors for the

substitute structure.
3. Determine design forces from the modal analysis of the substitute

frame using linear response spectra.

It is assumed that preliminary member sizes of the actual frame are
known from gravity-load and functional requirements, precedent, or a pre
vious trial.

The Substitute Structure.
elements are related to those
Eq. 6.

The flexural stiffnesses of substitute-frame
of actual-frame elements in accordance with

.- - -- (6)

where (EI) . and (EI) . are cross-sectional flexural stiffnesses of the ele
ment i in ~fie substitflEe and actual frames, respectively, and;U~is the
selected tolerable damage ratio for element i.

(EI) . is calculated using the fully cracked section and represents
the membe~lstiffnesswhen the member end moments reach the yield points
under the moment pattern considered. (EI) " and (EI) " are illustrated in
Fig. 6. The damage ratio is comparable bu~lnot exacti~ the same as the
ductility factor based on the ratio of maximum to yield rotation. Quanti
tatively, damage ratio and ductility factor are identical only for elasto
plastic response. It must be emphasized that a damage ratio of , say, six
requires a large ratio of ductility based on curvature or strain in members
with moment gradients.

Modal Frequencies and Damping Factors. Periods or frequencies, modal
shapes and modal forces are calculated from the undamped substitute struc
ture. Modal damping factors for the substitute structure (smeared damping
factor) are estimated by taking the weighted average of member substitute
damping factors assuming that each element contributes to the modal damping
factor in proportion to its relative flexural strain energy associated with
the modal shape.

ft'WI. I p~
.fls I.= ."-- (ry)

c: LP~,
Pi. L.i. ( ~

+ Mel.
.2

- /VIAi.· Mst" ) - .. , .( 8 )= MAC.
6 (EZ)si.

where J3m. is the smeared modal damping factor for mode m, /3$~ is the sub
stitute damping factor for element i calculated from Eq. 2, L. is the length
of frame element i, (EI) . is the assumed stiffness of substiEute-frame
element i, M . and M . a~~ the moments at ends of substitute-frame element
i for mode m~land p.Brs the flexural strain energy in element i for mode m.

1

Design Forces. Design forces in individual elements are based on the
root-sum-square combination amplified by a factor given in terms of the
base shear.
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where F. is the design force
the mod~l forces for element
base shears, and V b is the
the modal shears. a s

____ a (q)
=: Ft. rss

. .-Jtrss of" Ve:tb$
2. Vys.s

in element i, F. is the root-sum-square of
i, V is the fi~~~ shear based on RSS of modal
maxifutlffi value for absolute sum of any two of

To reduce risk of excessive inelastic action in the columns in case of
weak-beam strong-column combinations, the design moments for column from
Eq. 9 are amplified by a facor of 1.2.

Rationalization of the Method

The "tests" of frames "designed" with the method were conducted in Ref.
3. Two to ten story frames wjth rigid beams and three to ten story frames
with flexible beams were tested. The tests were analytical. Design forces
for a series of frames were determined. Then, inelastic responses of these
frames, with members having flexural yield capacities determined by the de
sign process, were calculated against various ground motions having similar
response spectra to the design spectra using the inelastic response analysis
program SAKE (Ref. 4). The detailed discussion of the results is given in
Ref. 3. It is considered that the test results were satisfactory.

Design of a Three Story Frame

To illustrate the method, a three-story three-bay model frame was de
signed using the substitute structure method. The model frame was taken
from the three story building which appears in the design example of AIJ
(Architectural Institute of Japan) Standard for Structural Calculation of
Reinforced Concrete Structures.

The Model Frame. The plan of the example building is shown in Fig. 8.
An interior frame in the transverse direction is chosen as the representa
tive model frame (Fig. 9). As six frames in the transverse direction have
almost the same lateral stiffness, 1/6 of the total floor weight of the
building is assigned to each floor of the model frame. The bottom of the
first story column is assumed to be fixed, though it is pin-supported with
footing beam (40*100cm) in the original building. Member dimensions, floor
weights and story heights of the model frame are shown below. Haunches in
beams were neglected in stiffness calculation.

Story
3
2
1

Beam
30 x 55 em
30 " 60
35 " 65

Column
50 )( 50 cm
55 " 55
60 )( 60

Weight
70 ton
75
82

Height
338 cm
343
375

Substitute Frame. Initial uncracked stiffnesses are calculated from the
gross concrete sections with Young's modulus of concrete of 210 ton/cm**2.
For beams, cross-sectional stiffnesses of rectangular section are multiplied
by a factor of 2.0 to take account of the effect of slab to increase the
sectional stiffness.
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Stiffnesses at yield point (cracked section) are assumed to be 1/3 of
initial uncracked stiffness for beams and 1/2 for columns. Allowable damage
ratio is six for beams and one for columns.

Periods for uncracked, cracked and substitute frames and smeared modal
damping factors for substitute frame are shown below.

Mode

1
2
3

Uncracked
0.39 sec
0.14
0.08

Period
Cracked
0.60 sec
0.21
0.12

Substitute
1. 00 sec
0.27
0.12

Smeared Modal Damping
Substitute
0.091
0.054
0.028

Modal moments for 1.OG spectral acceleration are shown in Fig. 10 for
substitute frame.

Design Seismic Forces. The smoothed response spectra in Fig. 5 with max
imum effective ground acceleration A of O.3G are used as the design spec
tra. The damping effect of Eq. 5 ism~~sumed. The maximum ground accelera
tion of 0.3G in Eq. 4 corresponds to the constant spectral velocity of 70
em/sec which is similar to the value for El Centro 1940 NS.

Modal spectral accelerations and modal base shears are obtained as
follows for the substitute frame.

Mode
1
2
3

Modal Acceleration
0.24G
0.79G
0.84G

Modal Base
42 ton
32
10

Shear (
(0.19)
(0.14)
(0.04)

Base Shear
Total Weight )

RSS and ABSOLUTE SUM (two modes) base shears, V and V h ' are 54 ton
(0.24) and 74 ton (0.33) respectively and the factorr~r (V aTsV )/2V

. rss labs rssis 1.19. Seismic moments obtained with Eq. 9 are shown In ~'lg. ~.

Column moments are multiplied by a column-overdesign factor of 1.2 in
the substitute structure method. Fig. 12 shows the larger of the two end
moments in Fig. 11 with column moments amplified by 1.2.

Design Story Displacements.
calculated as follows.

Relative story displacements (RSS*1.19) are

Story
3
2
1

Relative Story Displ.
3.95 em
3.63
2.12

ReI. Story Displ./Story Height
0.012
o.on
0.006

It is considered that the story deflection of the order of 1/100 of
story height during earthquakes could be tolerated provided the details for
nonstructural elements are properly designed.

Response of Designed Frame to Ground Motions. Response histories of the
designed frames to four ground motions were calculated by an inelastic dy
namic analysis program, SAKE(Ref. 8). Ground motions used were El Centro
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1940 NS, EW and Taft 1952 N21E, S69E, with the maximum accelerations normal
ized to 0.3G. The yield moments at both ends of each members were set at
the design moments sho'wu in Fig. 12. The initial stiffnesses were determin
ed from the cracked sectional stiffnesses. The assumed hysteresis relation
was the same as that for SDF analysis. Stiffness beyond yield was taken as
five percent of initial stiffness. Viscous damping proportional to stiffness
amounting to a damping factor of 0.02 for the first mode was used.

Results of inelastic dynamic analysis are shown in Fig. 13. Beam damage
ratios range from 2 to 7 in contrast with the target value of 6. Column
damage ratios are 0.6 to 1.0, all within the elastic range. In view of the
wide variations in earthquake effects, the results are considered positive.

CONCLUSIONS

From the observation that the maximum nonlinear structural response to
earthquakes can be simulated reasonably by appropriate linear-response models,
a procedure was developed to determine design forces using linear response
spectra but taking account of inelastic energy dissipation by using an ana
lytical model with stiffness and damping characteristics depending on the
permissible degree of nonlinear action.

The method can be used to determine earthquake design-force requirements
for individual elements of a reinforced concrete structure given a design
response spectrum and explicit decisions about tolerable inelastic response,
with the option of different limits of inelastic response in different struc
tural elements. Design forces in a three story frame were determined by the
proposed method and the inelastic responses for earthquake motions were
examined.
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SYNOPSIS

SIMPLE NONLINEAR MODELS FOR THE SEISMIC RESPONSE

OF REINFORCED CONCRETE BUILDINGS

by

Hiroyuki AoyamaI

Shear model, frequently used to simplify inelastic response analysis,
is shown to be improper for weak girder type frames because it ignores the
story interaction by the columns. A new model, called SB model, is proposed
which improves the shear model by adding bending springs to represent the
story interaction. A procedure is proposed to determine parameters for the
SB model by which the degree of story interaction is automatically evaluated.
The SB model includes shear model as a special case. It was shown that the
response analysis using SB model is satisfactorily accurate for frames with
wide variety of structural characteristics.

INTRODUCTION

Response analysis for earthquake motions in the inelastic range is
needed in order to evaluate the seismic safety of low-rise reinforced
concrete buildings. Such necessity arises in various instances. When a
building suffers a structural collapse or severe damage due to a destruc
tive earthquake, analysis is usually required to demonstrate how, and
possibly why, the damage has progressed. In this case the complication in
the method of analysis is no problem; it is required that the analysis must
reflect all the available knowledge pertinent to the dynamic behavior of
the structure. On the other hand, seismic safety of existing buildings are
sometimes questioned. Seismic safety of projected buildings may also be
investigated as a part of structural design. In such instances, simpler
methods of analysis are usually preferred as long as the simplification does
not impair the essential feature of the dynamic response.

A number of methods are available for the purpose of inelastic response
analysis, although they differ in the basic approach to idealize the hyster
etic behavior and in the degree of sophistication in the formulation and
solution techniques. A method developed at the University of Tokyol),2),3)
is one of the most generalized method to analyze a planar frame based on the

I. Assoc. Prof., Dept. of Architecture, Univ. of Tokyo
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inelastic property of members. The basic feature of this method is empirical
in the sense that most of the inelastic characteristics of members are evalu
ated by a set of empirical equations, but the mathematical treatment is
quite general and rigorous.

This method, hereafter called the "rigorous analysis," has been suc
cessfully applied to several building frames, and the mechanical character
istics of typical frames were studied. Following conclusions may be derived
from these analytical studies. 2),3)

(1) Actual building frames have wide variety in the mode of mechanism.
Typical frames with ordinary floor girders would fail in the girder-hinge
collapse mechanism as in Fig. 1 (a), while exterior frames with deep
spandrel girders would fail in the column-hinge collapse mechanism as in
Fig. 1 (b). However, there are many frames which fail in the mixture of
above two modes as in Fig. 1 (c). In many instances, moreover, modes of
mechanism under static loading and dynamic excitation are different, and it
would vary according to the distribution of lateral forces or types of
excitation.

(2) Rigorous analysis requires enormous amount of computer memory and
time. For the purpose of earthquake resistant design or evaluation of earth
quake resistance of existing buildings, it is desirable to have some simpli
fied method of analysis.

SHEAR MODEL

For the purpose of simplified response analysis, the so-called shear
model (Fig. 2) has been used most frequently. In fact for the practical
design of frame buildings, shear model is almost exclusively used when the
inelastic response analysis is required. A shear model of the building has
number of freedom equal to the number of stories. This visual similarity
makes the determination of parameters for shear model relatively easy. In
addition, shear model reduces the computational effort tremendously.

General trend of the hysteretic behavior of reinforced concrete frames
failing in flexure of members can be idealized by the degrading trilinear
model. 4) In case of shear model made out of reinforced concrete frame
(Fig. 3), four parameters should be determined in each story: elastic stiff
ness, cracking story shear, yield story shear, and one parameter to determine
the yield point (slope after cracking, yield point secant stiffness, or yield
displacement). There are several alternative methods to determine these
parameters. 2),3)

The first method, hereinafter called shear model-I, was developed mainly
for hand calculation. The elastic story stiffness is determined by the D
method.5),6) The cracking story shear is determined as the average of
story shears at which each of the critical sections relevant to that story
(top and bottom of the columns and girder ends connecting into the top and
bottoms of the columns) reaches cracking moment according to the elastic
analysis. The yield story shear is evaluated from the column top and bottom
moments at which either columns or girders produce yield hinges: that is,
for weak-column type frames, the yield moment of column is taken at both ends
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of the column, and for weak-girder type frames, the sum of yield moments of
girders are transferred to column ends according to the elastic stiffnesses
of columns above and below. The yield point is determined by specifying the
secant yield stiffness of the story, which is determined by the D-method
using reduced stiffness prescribed by the distribution of moment at the
yielding.

The second method, hereinafter called shear model-2, was developed
chiefly to overcome the deficiency of the shear model-l of the inappropriate
evaluation of yield story shear for weak-girder type frames. The evaluation
of elastic story stiffness is same as the shear model-l. The cracking and
yield story shear is calculated by the limit analysis technique, using crack
ing and yield moment at each critical section, respectively, for a specified
distribution of lateral loads (in most cases, invented triangular distribu
tion). The yield point is determined by specifying the tangent stiffness
after cracking, calculated by the D-method using tangent stiffnesses of the
members after cracking (elastic stiffness for members not reaching to crack
ing stage at the yielding of the frame).

There are third and fourth methods available which employs static
inelastic frame analysis based on the inelastic member properties. This,
however, requires extensive computer analysis just in order to establish a
shear model, and as such, somewhat contradictory for the purpose of simplifi
cation. These methods were investigated in order to see if the sophistica
tion in the modeling technique would improve the behavior of shear models.

Shear models thus established were excited by the same earthquake
motions as used in the rigorous analysis. Comparison of the results led
to the following conclusions.

(1) The accuracy of the shear model is not improved by the sophistica
tion in the modeling technique.

(2) Shear models give acceptable response results if the prototype
frame is of weak-column type. On the other hand, shear models made out of
prototype frame of weak-girder type may lead to significantly different
result. Typically, a story in the shear model with weaker yield strength
will produce much larger response displacement than obtained from the
rigorous analysis.

These conclusions clearly pointed out that shear models, although
frequently used in the practice, are appropriate simplification only if the
prototype structure is weak-column type. For actual building frames having
so much wide variety in the mode of mechanism, a new method is necessary
which would incorporate interaction between stories for a frame of weak
girder type. For this purpose, a model shown in Fig. 4 was invented.

It is a model of a frame structure consisting of conventional shear
springs connecting masses, and in addition, springs representing story
interaction of adjacent stories (to be called bending springs) are inserted.
Considering that the parameters for shear models are determined assuming,
implicitly, that frame deforms into a uniform story displacement, bending
springs are intended to represent additional stiffness and strength of the
frame when it undergoes a deformation different from the uniform deformation.
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Since the model has both shear and bending springs, it will be called SB
model hereafter.

SIMPLIFIED MODEL CONSIDERING STORY INTERACTION (SB MODEL)

Fig. 5 shows an n-story SB model having n-masses (ml to mn ), n-shear
spring (KSI to KSn ), and (n-l) bending springs (KBI to KBn-l). Bending
spring KBi is supported by a massless bar of length £i (arbitrary length) at
a point dividing the bar to the lengths ai£i and bi£i where ai+bi=l. It is
postulated that bending springs should not carry any force, hence the model
should reduce to a shear model, under the specified mode of deformation.
This mode is called the standard mode, and may be taken as the elastic fund
amental mode of vibration, or simply the inverted triangular mode. This
condition is achieved by determining the ratios ai and bi as

(1)

where ui is the story displacement of i-th story under the standard mode.

The story shear in i-th story Qi may be expressed by the forces in
shear spring QSi and bending spring QBi as follows,

QSl + blQBl
QSi ai-lQBi-l + biQBi (i=2~n-l)

QSn - an-lQBn-l
(2)

where QSi is taken positive for clockwise shear force in the shear spring,
and QBi is taken positive if the bending spring is given a force directing
to the right from the mass.

The story displacement in the i-th story 0i and the deformations of
shear spring 0Si and bending spring OBi are related as follows.

°Si
OBi

0i (i=l~n)

biOi - aiOi+l (i=l~n-l)
(3)

Where 0Si is taken positive for clockwise story deformation, and oBi is
taken positive if the displacement of the mass relative to the bar is direct
ing to the right.

The story shear vs. story displacement of the model is expressed as
follows.

Ks/+ ~2.KBf /-Ct,bj kBf

-a., hi KSt, Ksz+4,21<s1 t h;kBZ/ -~~b):132

(4- )

-4n-J/I1-J(~h-2 /k";ll-d" aY1:2.KBn-2t~n:1ksn_J/-tl.Y1- lhn-1k'sn-J i I n- I

-o.n-I b,.., K'Bil-/) K'SYl+ 0.:_1J<Bil-J sYl
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In case of inelastic analysis, eq. (4) holds for the increments. As
seen in eq. (4), the stiffness matrix of SB model is tri-diagonal, as com
pared to a diagonal matrix of shear model. If 8i in eq. (4) is proportional
to the standard mode Ui, one can easily see that KB terms in eq. (4) cancel
out, leaving only the diagonal matrix of KSi. This means that the SB model
reduces to shear model if the mode of deformation matches the standard mode.
Bending springs act only when the mode of deformation deviates from the
standard mode.

PHYSICAL MEANING OF BENDING SPRING

(a) Stiffness of Bending Spring

(5 )

Unless girders are infinitely strong, story shear of a frame depends
not only on the relative displacement of that story but also on the relative
displacement of adjacent stories. Typically, take an infinite uniform frame
as shown in Fig. 6 (a) where k c and kg are stiffness ratios of column and
girder, respectively.

I c
k c = hKO '

The corresponding SB model is also uniform as shown in Fig. 6 (b), in which
KSi = KS, KBi = KB, hi = h, t i = 2h, ai = bi = 0.5.

Suppose that both the prototype frame and the model deforms with a
uniform story displacement angle R as in Fig. 6 (c), which is the standard
mode in this case. The column stiffness of the prototype frame may be
written as follows.

(6 )

The bending springs of SB

l2EKo
akd--2-]

h

(D method notation).5),6)

l2EKO
[-2-]

h

1
1 1-+

k c kg

__ 2:kg
k - 2kc

Q
8

k
Where a =

2+k '
model does not carry force under the standard mode. Hence the sum of column
stiffness of the prototype frame gives the stiffness of shear spring.

KS
Q l2EKo

2: - = 2:ak [----]
8 c h 2

(7)

Then, suppose that both the prototype frame and the model deforms with
an alternate story displacement angle R an in Fig. 6 (d). Because of sym
metry the rotation at girder ends must be zero. Hence no bending moments
will be induced in the girders, and the column stiffness is expressed as
follows.

Q
8

(8)

The SB model under this deformation configuration carries the story shear
by both shear and bending springs, and the story stiffness is given, from
eq. (4), by KS + KBo Hence we obtain
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and

l2EK()
L:kd--

2
-]

h
(9 )

(10)

Thus we see that the stiffness of the bending spring represents the
increase of story stiffness as the deformation configuration changes from
the uniform mode as assumed in the D-method to another mode where the joints
do not rotate. In other words it compensates for the loss of story stiff
ness due to girder flexibility under the uniform mode.

(b) Strength of Bending Spring

Let us assume that column yield moment Mcy and girder yield moment Mgy
are uniform throughout the frame, and the frame forms a girder-hinge collapse
mechanism as shown in Fig. 6 (e) under a uniform mode (Mcy > Mgy)' Then the
column shear at the formation of collapse mechanism can be expressed as

(ll)

The bending spring of SB model does not carry force under this mode. Hence
the strength of shear spring of SB model is expressed by the sum of column
shear in eq. (11).

(12)

On the other hand, under the alternate mode as shown in Fig. 6 (f),
girders of prototype frame do not carry moments, and the frame inevitably
forms a column-hinge collapse mechanism. The column shear at collapse is

(13)

The SB model under this mode carries the story shear by both shear and
bending springs, and when both springs yield, the story shear is given from
eq. (2) by QSY + QBY' Hence we obtain

(14)

and

(15 )

Thus we see that the strength of the bending spring represents the
increase of story shear as the deformation configuration changes from the
one corresponding to girder-hinge mechanism to another one corresponding to
column-hinge mechanism. In other words it represents the reserve strength
of strong columns in the weak-girder type frames.

For a frame which forms a column-hinge collapse mechanism even in case
of uniform mode, that is, for a weak-column frame, above consideration will
lead to equal shear in eqs. (12) and (14), and QBY equals to zero. Such a
frame does not have any reserve strength to be represented by bending spring.
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(c) Hysteresis of Bending Spring

The force-deformation relation of bending spring may be obtained quite
similarly to above. Calculate story shear vs. story displacement relations
for both uniform mode and alternate mode, and subtract the story shear of
the former from the latter. Fig. 7 shows a very simple example of above
operation using uniform frame as appeared in Fig. 6.

Fig. 7 (a) and (b) shows assumed force-deformation relation of girder
and column in terms of story shear and story displacement. For the uniform
mode, Fig. 7 (c) is obtained by adding the deformation axis of Fig. 7 (a)
and (b), which gives the force carried by the shear spring. For the alter
nate mode, Fig. 7 (d), identical in the primary curve to Fig. 7 (b), gives
the sum of forces carried by both springs. When the force in Fig. 7 (c) is
subtracted f.rom Fig. 7 (d), we obtain Fig. 7 (e), which is the force carried
by the bending spring.

As seen in Fig. 7 (e), the force-deformation relation of bending spring
is rather complicated. Because of the smaller yield displacement in Fig. 7 (d)
as compared to that in Fig. 7 (c), it shows maximum and negative slope before
reaching yield point mentioned in the previous section. Fig. 8 shows
another example of hysteresis of bending spring computed for actual frame
by the same method as mentioned above. Although it is only for primary load
ing, it shows the same trend.

The behavior of bending spring is thus not so simple, but for all
practical purposes, it would be sufficient to idealize it into an elasto
plastic hysteresis defined by the stiffness of eq. (10) and strength of eq.
(15). The so-called shear model fails to represent the story interaction
in the inelastic range of beam failure type frame. Hence it would be most
pertinent for the SB model to represent the reserve strength expressed by
eq. (15). This consideration led to the adoption of the abovementioned
elasto-plastic hysteresis. Accordingly, a column failure type frame is
idealized into a shear model without having bending spring at all, even in
the elastic range.

PROCEDURE TO DETERMINE PARAMETERS FOR SB MODEL

Following is a procedure recommended for establishing an SB model mainly
by hand calculations.

(i) The elastic stiffness of shear springs KSi are determined by D
method,6) considering, where necessary, the effect of rigid zones at the
connections and shear deformation of members.

(ii) The inelastic parameters of shear springs, that is, cracking shear
force QSCi' yield shear force QSYi' yield displacement 0SYi' are determined
according either to the shear model-lor shear model-2, as mentioned before.
Shear springs follow degrading trilinear hysteresis rule.

(iii) Take the inverted triangular mode as the standard mode, and deter
mine the span ratio of massless bars for bending spring, ai, bi from eq. (1).
ui in eq. (1) can now be taken as the story height of i-th story.
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(iv) To determine the elastic stiffness of bending springs KBi , follow
ing procedure is taken. For intermediate stories, obtain the difference of
stiffness as determined from eq. (9) and KSi from (i) above, and denote them
by ~Ki (i=2~n-l). For the top story, or the bottom story of frames with
foot.ing beams, the stiffness corresponding to eq. (9) is determined from the
D-method equation for one story frame with fixed base shown in Fig. 9, and
the difference to the stiffness from (i) above is denoted as ~Kn or ~Kl.

Assuming that these ~Ki correspond to the difference between standard mode
and alternate mode where the sign of story displacement in the standard mode
changes alternately (strictly speaking some joint rotation will be induced
in the above-mentioned alternate mode which is neglected here), substitute

into eq. (4), and we obtain

(16)

2blKBl = ~Kl

2ar-lKBi-l + 2brKBi

2a~_lKBn_l ~Kn

~K. (i=2~n-l)
l

(17)

from which KBi are determined by the least square method.

(v) To determine the yield strength of bending springs QBYi, following
procedure is taken. For intermediate stories, obtain the difference of
yield shear force as determined from eq. (14) and QSYi from (ii) above, and
denote them by ~Qi (i=2~n-l). For the top story, or the bottom story of
frames with footing beams, the yield shear force corresponding to eq. (14)
is determined as the single story frame with fixed base shown in Fig. 10,
and the difference to the yield shear force from (ii) above is denoted as
~Qn or ~Ql. Assuming that these ~Qi correspond to the difference between
standard and alternate modes, we obtain from eq. (2),

b l QBYI = ~Ql

ai-lQBYi-l + biQBYi

an-lQBYn-l ~Qn

(18)

from which QBYi are determined by the least square method. When a non
positive value of QBYi is obtained for a story, let KBi = QBYi 0 for that
story. Bencing springs follow elasto-plastic hysteresis rule.

EXAMPLE OF NUMERICAL ANALYSIS

For the purpose of demonstrating the validity and limitation of the
proposed SB model, three examples will be shown here. These are the
analysis of three-story reinforced concrete buildings with shear walls,
which are the structural design examples contained in the Commentary to the
Architectural Institute of Japan Structural Standards. The first case is
the longitudinal direction of the design example No.1 (hereinafter called
No.l-L), the second, the transverse direction of the same building (No.l-T),
and the third, the longitudinal direction of the design example No.2 (No.2
L). For these building frames, the rigorous and shear model analyses have
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been reported. 3 ) Fig. 11 shows the floor plan (common to examples 1 and 2).
Fig. 12 and 13 show the frame elevation in the longitudinal direction of
each example building. The frame elevation in the transverse direction of
both buildings is similar to Fig. 12.

The failure modes of these buildings are as follows. No.l-L fails under
girder-hinge type mode in the first and second story and column-hinge type
in the top story. But the story interaction between the first and second
stories is not so significant. No.l-T fails under girder-hinge type mode in
all three stories, and the story interaction is quite large. No.2-L consists
of two parallel frames, one of which, the exterior frame, is column-hinge
type because of heavy wall girders, and the other, similar to the frame in
No.l-L. The story interaction is least in this case.

Table 1 summarizes the parameters for simplified models, and elastic
periods of vibration including those by rigorous analysis. Two shear models
(shear model-l and -2 explained above), and two SB models (SB-l and -2
corresponding to two shear models) were analyzed for each of three cases.
Four parameters describing the shear spring characteristics in Table 1,
KS ' QSC' QSY' and 0SY' dictate also the parameters of shear models. With
two parameters for bending spring, KB and QBY, the SB models are completely
described. In order to determine these parameters for bending spring,
inverted triangular mode was used as the standard mode. Other modes, such
as rigorous fundamental mode or shear model fundamental mode, were also used
for some cases but the result did not show any significant difference.
Moreover, in some cases the hysteresis of bending spring was assumed to be
degrading trilinear, but the resulted model showed quite similar response.
Hence these are not included in this paper.

Looking at Table 1, it is noticed that the yield forces of shear spring,
QSY' in shear model-l and -2 differ in a consistent way. QSY in the top and
bottom stories are greater, and QSY in the intermediate story is smaller, in
the shear model-l. The trend is most pronounced in case of No.l-T, which
fails in girder-hinge type mode, and least in case of No.2-L, which is almost
a weak-column type frame. These differences make the yield forces of bend
ing spring, QBY~ different between SB-l and SB-2 models, but in general,
values of QBY are large in case of No.l-T and small in case of No.2-L.

Fundamental periods of shear models in Table 1 are longer than those by
rigorous analysis, because of the error involved in the determination of
elastic shear stiffness, KS ' by D-method. Higher mode periods of shear
models are even longer, as commonly experienced by the use of shear models.
As to SB models, the fundamental period is almost same as that for shear
models. But the accuracy of higher mode periods is greatly improved.

The simplified models were subjected to various earthquake excitations
for which the rigorous analysis have already been made. Shown below is one
case where NS component of Hachinohe Harbor record, Tokachioki Earthquake,
1968, expanded to maximum acceleration of 500 gal. Dynamic response analysis
was executed by Newmark's S-method with internal damping having retardation
time of 0.005 sec.

Table 2 and Fig. 14 show the maximum response story displacements. For
No.l-L building, shear models evaluate the first story displacement much
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greater than the rigorous analysis, while the third story displacement much
smaller. SB models evaluate the response closer to the rigorous model.
Because of the inaccurate evaluation of fundamental period in the simlified
models (due to the use of D-method), response of simplified models are
generally greater than the rigorous analysis.

Response of No.l-T building is interesting. Shear model-l responds in
the second story much greater than the rigorous model, while shear model-2
responds greater in the first story. Thus the response of shear model is
quite unstable depending on a slight variation in the determination of
yield story shear. SB models evaluate reasonably close response to rigorous
analysis in both cases. Simplified models generally produce greater
response because of the inaccurate fundamental period as in No.l-L.

Response of No.2-L was, as expected, satisfactorily approximated by the
shear models, and SB models also produce similar results. It can be seen,
hence, that SB models, evaluated according to the procedure in this paper,
show satisfactory behavior regardless of the type of prototype structure,
within the limitation in the accuracy of elastic stiffness inherent to the
use of D-method. It appears that shear model-2, and hence SB-2, would be a
more appropriate procedure to determine shear spring parameters.

CONCLUSION

In order to overcome computational complexity of rigorous response
analysis for low-rise reinforced concrete buildings in the inelastic range,
the so-called shear models are frequently used for practical purposes. But
it has been pointed out that the accuracy in such simplified analysis would
be greatly impaired by the presence of story interaction in case the proto
type frame structure fails into a girder-hinge collapse mechanism. The
proposed SB model is an attempt to improve shear models in such a way that
the story interaction in the inelastic range would be incorporated as
needed by the characteristics of the frame. The procedure to determine
model parameters is as simple as that for the shear model. It is expected
that the SB model can be easily handled by those who are already familiar
with shear models.
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Table 1 Model Parameters

Building No. I-Longitudinal No. I-Transverse No. 2-Longitudina1

Story
1 2 3 1 2 3 1 2 3(mode for T)

Weight (t) 51. 6 48.1 44.5 103.2 96.2 88.9 46.2 45.8 39.8

Rigorous T (sec) 0.419 0.142 0.077 0.449 0.149 0.079 0.313 0.104 0.059

SB-1 Ks(t/cm) 54.4 43.7 32.5 100.5 74.5 55.0 99.0 79.1 69.2
QSC (t) 20.6 15.7 10.4 35.3 21. 7 17.3 20.6 16.8 12.5
QSY (t) 39.4 29.6 21.5 67.4 36.3 31.4 54.5 44.5 32.2
8SY (cm) 2.88 3.38 2.55 2.80 2.32 2.32 2.09 2.19 1.52

KB(t/cm) 61.5 - 137.3 72.1 150.7 -
QBY (t) 12.2 - 48.3 17.1 4.3 -
T (sec) 0.448 0.171 0.098 0.475 0.165 0.091 0.317 0.113 0.065

(S-l) T (sec) 0.448 0.178 0.121 0.477 0.191 0.130 0.314 0.120 0.085

SB-2 KS(t/cm) 54.4 43.7 32.5 100.5 74.5 55.0 99.0 79.1 69.2
QSC (t) 22.5 18.4 10.4 32.0 26.6 16.0 21. 7 18.1 10.8
QSY (t) 38.8 32.3 19.4 58.2 48.5 29.1 54.1 45.1 27.0
8SY (em) 4.52 3.81 3.21 3.50 3.95 3.66 2.35 2.17 1.65

KB(t/cm) 61.5 32.1 137.3 72.1 150.7 58.7
QBY (t) 9.6 0.5 49.9 11.0 0.7 6.5

T (sec) 0.448 0.154 0.090 0.475 0.165 0.091 0.317 0.105 0.060
(S-2) T (sec) 0.448 0.178 0.121 0.477 0.191 0.130 0.314 0.120 0.085

Table 2 Maximum Response Story Displacement (cm)

Building No. I-Longitudinal No. 2-Transverse No. 2-Longitudina1

Story 1 2 3 1 2 3 1 2 3

Rigorous Model 4.35 4.47 2.48 4.17 4.92 5.16 5.07 2.26 0.68

Shear Mode1-1 7.75 4.20 1~81 5.79 8.36 1.03 4.21 1 98 0.95

Shear Model-2 7.48 4.15 1.88 8.15 4.11 2.60 5.27 1. 79 0.96

SB Model-l 6.03 5.75 2.29 5.56 5.30 4.82 3.76 2.19 0.92

SB Model-2 5.53 4.33 3.07 4.81 5.68 4.19 5.41 1.56 1.30
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Fig. 3 Degrading Trilinear Model of Hysteresis
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16 NONLINEAR BUILDING RESPONSE BY THE CHARACTERISTICS METHOD

by

Takao Nishikawa(i), Martin E. Batts(ii), and Robert D. Hanson(iii)

INTRODUCTION

Practising engineers and researchers require a more economical method
of nonlinear dynamic analysis. A conventional nonlinear member by member
program is costly. Some researchers have used the lumped mass pure shear
beam to model the structure since it significantly reduces the number of
calculations. This model has been reported (10) to be appropriate for
weak column-strong girder types of structures in which yielding of the
column ends occurs prior to that of the girder ends. However, for weak
girder-strong column structures, this model is not always suitable due to
its lack of stiffness interaction be~ween the story levels. One method to
adjust this has been given (11).

The characteristics method partially accounts for stiffness interac
tion but does not include the flexural behavior of the structure. The
structure is treated as a continuous shear beam with distributed mass
coupled in two ways with a lumped mass bending beam. The resulting
hyperbolic partial differential equations for the shear beam are solved by
the method of characteristics. The results of the characteristics method
solution for two different structures will be compared with the results of
a member by member nonlinear analysis using DRAIN-2D (5) and a special
purpose computer program (2).

BASIC EQ,UATIOUS

The basic equations of the characteristics method ((6)-(9)) for one
dimensional shear wave transmission mode as shown in Figure 1 are as
follows

+
C: ~ Q, - pA v • (VpS s

v ) + (IJ.A) (V
CS 6Z

+
where the C equation is for an upward traveling wave and C is for a
downward traveling wave, Q, the shear force, V = particle velocity 6Z
floor height, pA the distributed mass per height and IJ.A the pseud~
viscosity.

The shear wave velocity in Equation 1 v is defined as
s

(i) Assistant, Fac. of Tech., Tokyo Metropolitan University
(ii) Grad. student, Dept. of Civil Engineering, University of Michigan
(iii) Professor of Civil Engineering, University of Michigan
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in which GA

GA + ~A
pA pA 6t

shear stiffness/unit height and 6t = time interval.

(2 )

In the case of inelastic response analysis the shear force-story
shear strain could be defined by the Ramberg~Osgood function

Q [ IQ I R-l]7 = GoA 1 + \

for shear increasing from zero, and by

(3 )

(4)

when unloading from (Ql' 71 ) where Qy represents the yield shear force and

G A is the initial stiffness.
o

stability of the characteristics technique requires that v ·6t < 6zs -
in each layer. This means the C+ and C- lines (or points Rand S) lie
within the space A to B, Figure 2. The shearing force and particle
velocity are assumed to vary linearly within the intervals AC (C-) and
BC (C+). The values at points Rand S (needed because GA has different
values during different time steps) are evaluated by linear interpolation
in the intervals. The story shear stiffness is based on the average shear
force in the story.

PARALLEL MODEL

In modeling the entire structure for motion in one plane two
methods of coupling the shear and bending are possible. These are desig
nated as parallel and series models using a simple spring analogy. The
parallel model assumes the shear and bending lateral displacements are
equal as would occur in a building with moment frames and shear wall
frames connected by rigid floor diaphragms. The series model assumes the
total displacement is the sum of shear and bending lateral displacement as
in an individual frame. The parallel model is condidered first.

The dynamic equation of motion at floor i using the notation U and L
representing above and below the floor respectively, is

N

Q~ -Q~ P. m.Y. + L: Kb .. (Y. - YN+l ) (5)
l l l l l . 1 lJ J

J=

where mi = lumped mass at floor i, Kb = bending beam lateral stiffness,
N = number of floors and Y = absolute lateral displacement (see Figure 3).
Using the linear acceleration method Equation 5 becomes
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{p } = {e } + [E]{v } (6)

where (using a preceding sUbscript 0 to represent a value at the previous
time step)

•• 2 N + .6.t N N
(- y - .6.t V.) + E Kb.. Y. 2 E Kb iJ' V. - E Kb.. Y

o 0 ~ j=l ~J 0 J j=l 0 J j=l ~J 0 N+l

i =I j .

Combining Equation 1 with the left-hand portion of Equation 5 gives

{V} = [f] - [F] {p} (7)

where f.
~

1
(pAv ). + (pAv ). 1s ~ s ~-

J.1A.(V_V)
ti.z. 0 i 0 i+l

~

[ (PAV ). 1· V. 1 +(pAv\. V. 1 +
s ~- 0 ~- sJi 0 ~+

and [F] is a diagonal matrix where

1
(pAv ). 1 + (pAV ).s ~- s ~

Solving Equation 6 and 7 for {V} by eliminating {p } we get

(8 )

where the right hand side is known from the previous time step's informa
tion. The results from Equation 8 are inserted into the characteristics
equation to determine QL and QU.

DETERMINATION OF STRUCTURAL PARAMETERS

The parameters are determined on the basis of the average story shear
force.

Shear stiffness, GA

The shear stiffness is defined by the relation
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Q. avg = (GA) .• r. , avg
1. 1. l

In the simple spring mass system

Q. = K•• O.
1. l 1.

Where 0i is defined as story relative displacement and is equal to

(10)

o.
1.

L'illi r i , av (11)

Equation 9, 10 and 11 give the relationship between the shear stiffness
and the simple shear spring stiffness to be

(GA). = K.• L,z.
1. 1. 1.

Viscosity

(12)

Several methods for selecting the viscosity term can be considered.
The first approach attempts to equate the viscosity of the distributed mass
system to the viscous damping of the conventional lumped mass system. The
distributed mass could be adjusted to provide convenient L,z values. The
total mass of the structure is maintained by appropriately adjusting the
corresponding lumped masses.

The dynamic shear force-strain relation for the distributed mass
system is

0)' 'V d)'
Q = GAr + ~A CIT = GAr + ~A dt

dr 'V
when dZ = O. For the lumped mass system the corresponding relation is

do
Q = Ko + C dt •

Comparing Equation 13 and 14

d)' do dr
~A dt = C dt = C • L,z dt ; ~A = C • L,z

Using mass and stiffness proportional damping (Rayleigh damping)

(13 )

(14 )

(15)

and assuming equal damping in the first two modes (~l = ~2 = ~) and shear

beam type frequency spacing (w2 == 3 . WI) the traction of critical damping

can be obtained using orthogonality of modes (1). This damping can be
expressed as
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tin
a alwn~+2w -2-

n
and in matrix form

til
1- 1'1'1 a
1'1'1 0

1
Solving for the coefficients2"

tl2
1- 1'1'2 a

l1'1'2

1
tI

3
~la 1'1'2 - - 2"0 1'1'2

2w
l
w

2
==

2 2 1 Lal
1'1'2 - 1'1'1 1 2"-wl 1'1'1

tI wI

gives the damping matrix [C] ~ /3Wl em] + ~l [K] (16)

This value is used. for the bending portion of the damping. Similarly, the
damping term for the distributed mass system (shear portion) can be defined
as:

(17)

The second method for determining the viscosity is to select a value
for the distributed mass pA and adjust the viscosity according to Equation
2. Both methods were tried for the parallel model studies and no diffe
rences were seen. This is probably due to the fact that with large non
linearities, the energy dissipated by damping is relatively ineffective.

The third method for determining viscosity, which is preferred for
small nonlinearities, is to select the desired values for distributed mass
and viscosity with the requirement that ~z > v ~t. The resulting shear

- s
wave velocity results interpolation in the ~z - ~t frame similar to the
condition for nonlinearities.

~ass per Height, pA

The structure has a real distributed mass pA in the interior and
exterior walls. However, if Equation 2 is to be satisfied, then

G A
( lJ-A ) ~pA = ~t ~t + G A c-

o £:;z
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The effect of varying the distributed mass has not been fully studied.
Since the total mass of the structure must be maintained

I W + g L' pMz := total building weight

in which W is the weight lumped at each floor.

Time Interval, 6t

The time interval 6t should be equal throughout the calculations
and it is convenient to be the same as the input accelerogram. The charac
teristics method requires that

v 6t < 6z
s

for a stable numerical solution. The physical interpretation of this re
quirement is that the C+ and c- lines in Figure 2 lie between the space
A to B. Using Equation 2 it can be seen that 6t is limited by

Structural Example and Response Results

The structure selected to illustrate the parallel model is a 6-story
steel moment frame shown in Fig. 4 with sizes given in Table 1. The
earthquake response of the structure was calculated by three methods:
the characteristics method, the conventional lumped mass method, and a
bilinear member by member method (DRAIN 2D) described in reference 5.

Becaus e the framing was appropriate, the mode 1 was
considered to be a pure shear model without the coupling effect of a
bending be am. The equivalent interstory shear stiffnesses are calculated
based on tbe assumption of primarily first mode response.

With the first mode {cp l} and fundamental frequency w given, the
equivalent shear stiffness is

where

Q.
~

N
L:

i:=i

1 2
(M.CP."lv)

~ ~
and 5.

~

1
CPi

1
CP. 11-

are based on first mode displacements. Floor masses and equivalent shear
stiffnesses are summarized in Table 2.
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The earthquake accelerogram used for the response computation was a
simulated earthquake motion Type AI, generated by P.C. Jennings, G.W.
Housner, and N.C. Tsai (4). This earthquake was intended to simulate
severe ground shaking in the vicinity of the cau.sative fault "lith a peak
acceleration about 0.38 g. The first 20 sec. of the record was used to
compare the results to the analysis of DRAIN-2D.

In the following discussion of results, the conventional lumped mass
shear model is denoted LMS, the distributed mass model (characteristics
model) DMS, and the DRAIN-2D model DRA. Elastic response results for DYill
and LMS with 5% critical damping showed good correlation as was expected.
The time histories of the roof displacement relative to the ground are
shown in Figure 5. The differences in peak values may be caused by the
effects of damping on the higher modes. The intended use and the potential
savings of the characteristics method though, lie in inelastic response.

For the inelastic response of 1M3 and DMS, the hysteretic relation
between shear force and story displacement is assumed to be a Ramberg
Osgood function as described by Equations 3 and 4 with the sharpness
coefficient R of 7. In the DRA analysis, an elasto-plastic relation was
used. Viscous damping was taken as zero for these inelastic response
studies.

The story yield shear force, ~"' was calculated by the following
simplified procedure. Each girder-~olumn joint is judged to be weak-girder
or weak-column by comparing the sum of the yield moments of the girders to
that of the columns. The weak girder is transformed to a pseudo weak
column by distributing the sum of the girder yield moments to the columns.
Using these yield moments, the yield story shear force is obtained by
summing the column yield shear forces for all columns in the story. The
structure modeled here was a weak-girder type.

The maximum response of story shear forces, overturning moment,
relative story displacements and floor displacements obtained in 20 seconds
of the earthquake record are summarized in Fig. 6,7, 8 and 9 respectively.
Shear forces of the DMS model are the values at midheight of each story
and overturning moments are based on those midheight forces. The results
show good agreement except for the relative displacement of the second
floor of the LMS model.

Since this is a weak-girder structure the conventional shear model
(LMS) may not be accurate because the story shear force and relative story
displacement have a one to one correspondence while the actual story shear
is a function of girder yielding which is a function of not just one story
displacement but several. In the DMS model the story shear forces are
dependent upon motion of 3 adjacent stories as seen in Equation 1. This is
the reason the DMS more accurately predicts the DRA results.

The time histories of the second floor displacement are shown in
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Fig. 10 for the first 20 sec. of DMS and DRA and the time histories for
the first 37 sec. of DMS and LMS are shovrn in Figures lla and llb. The
apparent residual displacement of LMS is about 3 inches while that of DMS
is about 0.5 inches. This highlights the importance of story stiffness
interaction since the residual drift are expected to be nearly zero.

The computation costs of LMS and DMS were about 2010 of the DRA
method using one frame of a quarter of the building.

SERIES MODEL

The series model and the parallel model are different. For the series
model there is only one set of forces which cause bending and shear dis
placement; the total displacement is the sum of these two displacements.
For the parallel model there is only one set of displacements caused by
independent forces on the bending and shear portions of the model; the total
force is the sum of these two forces. For the series model

(21)

and

(22)

Using the shear part stiffness force in the dynamic equation of
motion yields

"t N b'b L U
m1·Yl· + r: c .. y. + (Q. - Q.)

lJ l l l
j

o . (23 )

(24)Q. 1l-

For both the series and parallel model there are two damping terms
possible: bendin~related and shear related. In this paper the bending
related damping Cij are taken to be zero. In the series solution there are
two displacements we are solving for. The second equation necessary for
solution is of the form of Equation 22.

N b b
r: Kij Yj
j

where Q. is the average shear force in story i,
l

Q~ U
+ Q. 1

Q. l l+

l 2

Using Equation 1 and assuming linear acceleration Equation 23 reduces
to
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or

{A4} - ~t em] {v
t

} = {A5 } + [A6] {V
Sh

}

where TP. and TM. are information from the previous time step in Equation 1
1. 1.

TMi = oQUi +l + vsPAi • ov
Sh

i +l - (~z) i (OVS\_l _ OVS\+l)

L sh
TP. = Q. 1 - v pA .• V . 1

1. 0 1.- S 1. 0 1.-

Rearranging Equation 24,

_ (~) ( V
S

h VSh)26z i-l 0 i-l - 0 i-l

{ ) sh
Qi - Qi-l = 1/2 (TPi + TMi - TP i _l - TMi _l ) - (vsPA i-l V i-l

N
sh sh }_ b b+ ((v pA). 1 + (v pA). ) V . + (v pA). V . 1 - I: K .. Y .S 1.- S 1. 1. S 1. 1.+ j l.J J

or,

Again using linear acceleration Equation 26 reduces to

(26)

or

Solving Equations 25 and 27 for Vt yields

{vt } = [,,~ [A2]' [A6] -1 em] + ~t [ IJr" {[A2]' [A6] -1 {A4} _

{A5} - { A3 }'} (28)

where
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Equations 27, 28 and 29 represent the characteristics method
solution for the series model.

The series model is used for buildings where the total displacement
can be taken as the sum of the bending and shear displacement.

structural Response

The structure selected to illustrate the series model was the
staggered truss framing system whose dynamic response was studied by Gupta
(2) and subsequently by Hanson and Berg (3). The framing system is illus
trated in Fig. 12 and the structure selected was Gupta's (2) 20 story
structure. The shear stiffness can be deduced from the truss member
properties because there appears to be little stiffness interaction between
floors. The bending stiffness can be calculated from the full column
areas since there are only exterior rows of columns. Table 3 summarizes
the most significant structural data. The trusses are designed so the
interior-chord-members yield first and as such exhibit a marked yield
story shear force. In ord~r to be compared with Gupta's results, 1.5 times
El Centro 1940 N-S component accelerogram and 5% critical damping was
used. Gupta used 5% strain hardening elasto-plastic moment-rotation
relations. It was found that a Ramberg-Osgood sharpness coefficient of 7
most closely matches this. The structure ;Tas modeled as a 5 story
building for the characteristics solution.

The results for maximum response of story shear, overturning moment,
relative story displacement and floor displacement are shown in Figures 13,
14, 15 and 16 respectively. The characteristics method results show good
agreement with Gupta's results.

The top floor displacement time history is shown in Figure 17. The
period characteristics match closely and the peaks are fairly close.

The cost of the characteristics solution was $1.85 versus $87.60 for
Gupta's results; but the characteristic method results were for a 5 level
representation of the building. Ongoing studies indicate ttat for stability
of solution for the series model the time step should be a function of the
lowest bending beam period so that as the number of levels increases the
time step greatly decreases, increasing the cost.

For this structure, the inelastic activity was small, thereby making
the energy dissipated by damping important. Therefore, the viscosity was
chosen to be close to the desired value rather than arbitrarily set to
satisfy Equation 2. Thus, the shears and velocities were interpolated
between the layers as previously described. These results matched Gupta's
results more closely than the arbitrary damping approach.

CONCLUSION

The weak-girder type structure has been recommended for earthquake
resistant design rather than the weak-coluwn type in order to prevent
concentration of damage which could lead to collapse. However, the con-
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ventional lumped mass shear model does not accurately model the weak
girder type. The characteristics method has been shown to accurately
represent this weak-girder type of structure at a significant cost
savings. Much work still needs to be done in the areas of establishing
the appropriate parameters such as the proportion of lumped and distribu
ted mass, the effect of the bending beam on the time step (stability of
solution), the appropriate shear and bending stiffness and the yield story
shear. Also, practising engineers have preferred to deal in member data
in addition to story data such as story shears, and story ductilities.
So a method to translate the story data to inelastic member data is de
sirable.

For the purposes of practical design the proposed method appears to
be accurate, convenient and economical.

ACKNOWLEDGMENT

The present paper is based upon research sponsored in part by the
National Science Foundation within Grant Nos. GI39123, FJ7009 and
AEN74-o0930. The first project supported the senior author as a Visiting
Research Associate at The University of Michigan during 1974/75. The
resul.ts presented herein are those of the authors and do not necessarily
reflect the views of NSF.

- 320-



APPENDIX I - REFERENCES

1. Clough, R. and Penzien, J., Dynamics of Structures, McGraw Hill,
New York, 1975.

2. Gupta, Raj Pal, flSeismic Behavior of Staggered Truss Framing System,fl
Ph.D. Thesis, Department of Civil Engineering, The University of Michi
gan, Ann Arbor, Michigan, September, 1971, (University Microfilms
Access No. 72-14882).

3. Hanson, R.D., and Berg, G.V., flAseismic Design of Staggered Truss
Buildings, fl Journal of the structural Division, ASCE, Vol. 100, No. STl
January 1974, pp. 175-193.

4. Jennings, P.C., Housner, G.W., and Tsai, N.C., flSimulated Earthquake
Motions for Design Purpose,fl Proceedin6s, 4th World Conference on
Earthquake Engineering, Vol. I, Al Santiago, Chile, Jan., 1969,
pp. 146-160.

5. Kanaan, A.E., and Powell, G.H., flGeneral Purpose Computer Program for
Inelastic Dynamic Response of Plane Structures,fl Report No. EERC 73-6,
University of California, Berkeley, California, April 1973.

6. Papadakis, Constantine N., "Soil Transients by Characteristics Method,fl
Ph.D. Thesis, Department of Civil Engineering, The University of Michi
gan, Ann Arbor, Michigan, November, 1973, (University Microfilms Access
No. 74-15823).

7. Streeter, V.L., and Wylie, E.B., Hydraulic Transients, McGraw-Hill
Book Company, New York, 1967.

8. streeter, V.L., and Wylie, E.B., "Two and Three-Dimensional Transients,fl
Trans. ASME, Jour. of Basic Engineering, Vol. 90, Series D, No.4,
Dec. 1968, pp. 501-510.

9. streeter, V.L., Wylie, E.B., and Richart, F.E., Jr., flSoil Motion
Computations by Characteristics Method," Journal of the Geotechnical
Engineering Division, ASCE, Vol. 100, No. GT3, Proc. Paper 10410,
March, 1974, pp. 247-263.

10. Umemura, H., Aoyama, H., and Takizawa, H., "Analysis of the Behavior
of Reinforced Concrete Structures During Strong Earthquakes Based on
Empirical Estimation of Inelastic Restoring Force Characteristics of
Members," Proceedings, Fifth World Conference on Earthquake En6ineering,
Vol. 1, Rome, Italy, June, 1973, pp. 2201-2210.

11. Umemura, H., Aoyama, H., and Mukai, Y., "Strong Earthquake Response
Analysis of Reinforced Concrete Frames," Proceedings, Architectural
Institute of Japan, Oct., 1973, pp. 793-794.

Note: References 2 and 3 are combined in, "Seismic Behavior of
staggered Truss Framing System," Steel Research for Construction,
Bulletin No. 26, American Iron and Steel Institute, April 1974.

- 321-



+
C J C

CbA J GA

K.. J K.
lJ 1

Kei

P.
1

Qi

Q~
1

Q~
1

Qy

R

vsh

b
v

vt

W

y

b,Z

ao' al

C•.
lJ

m.
1

b,t

v
s

W .
.1

Y

P

7

0

flA

pA

APPENDIX II - NOTATION

equation for wave propagation

shear stiffness

story stiffness

equivalent story stiffness

lateral force

average story shear

shear force above floor i

shear force below floor i

yield story shear force

Ramberg-Osgood sharpness coefficient

shear model velocity (absolute)

bending model velocity (relative)

total velocity (absolute)

corresponding lumped floor weight

absolute floor displacement

story height

damping constants

damping coefficient

floor lumped masses

time increment for integration

shear wave velocity

natural frequency

floor displacement relative to ground

percertage of critical damping

story rotation

relative story displacement

pseudo-viscosity

distributed mass per unit height
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Table 1. Member sizes for 6 story example structure
(See Figure 4 for member location in doubly symmetric structure. )

Frame Line A B C
Beams R w16x26 w18x40 w18x40

6 w18x40 W21x55 W21x55
5 W2lx44 W2lx62 W21x62
4 W2lx44 W2lx62 W2lx62
3 W2lx49 w24x61 w24x61
2 W21x55 w24x61 w24x61

Exterior Colurrms
R-5 w14x61 w14x87 w14x87
R-3 w14x84 w14xlll w14xlll
R-l w14xl03 w14x142 w14x142

Interior Columns
R-5 w14x74 w14x78 w14x74
5-3 w14x95 w14xlll w14xl03
3-1 w14x1l9 w14x167 w14x158

Table 2. Mass and Stiffness of Equivalent Shear Model

Floor Weight Mass, Stiffness
kips Kips'Sec2/in Kips/in

R 252 0.654 109·53
6 325 0.843 156.78
5 325 0.843 186.90
4 325 0.843 201.26
3 325 0.843 240.38
2 328 0.850 276.37

Table 3. staggered Truss Framing System

Floor weight = 226 kips Shear stiffness: Floors 1-10 2260 kips/in
Floors 11-20 2460 kips/in.

R-19
18-17
16-15
14-13
12-11
10-9
8-7
6-5
4-3
2-1

Column Sizes

W14x30
w14x48
w14x68
w14x84
w14xl03
w14x119
,;n4x136
vn4x158
w14x176
vn4x193

Truss Chord Members

11-20 wI0x45
1-10 WIOx54
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Fig. 1. One Dimensional
Shear Wave
Transmiss ion Model
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17 THE STRENGTHENING METHODS OF

EXISTING REINFORCED CONCRETE BUILDINGS

by

Yoichi Higashi
I

and Seiji Kokusho
II

SYNOPSIS

In order to investigate the effects of the strengthening
methods, several tests were made as follows:

1) Strengthening by the solid walls poured in place under a
certain pressure within the existing frames

2) Strengthening by adding reinforced concrete or precast
concrete wing walls at the sides of the existing columns, or precast
concrete panels within the existing frames

3) Strengthening the existing columns with welded wire fabrics
and mortar

The results of these tests are described in this paper.

INTRODUCTION

For the existing reinforced concrete buildings, which are
evaluated to be un-safe against strong earthquakes, proper strengthen
ing is required. Therefore, the strengthening method of existing
reinforced concrete buildings have been studied.

In case of strengthening a building, the following methods
are considered:

(1) to increase the strength of the building
(2) to increase the ductility of the building
(3) combination of (1) and (2)

In order to achieve these purposes, the following experimental
tests have been carried out:

(A) strengthening by the solid walls poured in place under a
certain pressure within the existing frames

(B) strengthening by adding reinforced concrete or precast
concrete wing walls at the sides of the existing columns,
and the precast concrete panels within the existing frames

(C) strengthening the existing columns by welded wire fabrics
and mortar

I Professor, Department of Architecture, Faculty of Engineering,
Tokyo Metropolitan University

II Professor, Department of Architecture and Building Engineering,
Faculty of Engineering, Tokyo Institute of Technology
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Experimental tests of (A) were carried out in the laboratory
of Tokyo Institute of Technology under co-operation of Taisei
Corporation. Experimental tests of (B) and (C) were carried out in
tp€ laboratories of Tokyo Metropolitan University and of TokIo
Institute of Technology, respectively, as the investigations) of
the 5th Committee III for School Buildings of the Architectural
Institute of Japan, in compliance with the requests of the Ministry
of Education and of the Ministry of Construction, Japanese Government.

As the results, the effects of the strengthening methods are
found to be remarkable, and the prospects of the strengthening
methods are found.

EXPERIMENTAL TEST A

(1) Test specimens

Test specimens are two as shown in Figs. 1 through 3. One, OW,
is a monolithic shear wall with rigid frame. The other, PWC, is a
rigid frame strengthened bY2a monolithic shear wall poured under
pressure of about 0.3 kg/cm , in place within the frame.

The thicknesses of wall in both test specimens are 7.5 cm.
In case of PWC, the perimeter of the wall is jointed by the shear
keys of concrete, whose height, length and width are 1 cm, 4 cm and
7.5 cm, respectively, to the frame. The wall reinforcements of both
test specimens are not anchored to the surrounding frames.

of
by

The compressiv2 strength of concrete except for the wall part
PWC is 354 kg/cm. The compressive strength of

2
concrete poured

pressure into the wall part of PWC is 320 kg/cm

The yield strengths of round bars of 6 mm and 9 mm in diameter,
and of deformed bars of 13 mm in nominal diameter, are 2560 kg/cm2 ,
3270 kg/cm2 and 4030 kg/cm2, respectively.

(2) Test procedure

The testing facility is shown in Fig. 4. Both test specimens
are tested by alternately reversal loading, and the horizontal
relative displacements between the top beams and the basement are
measured.

(3) Results of test

Figs. 5 and 6 show the relationship between the lateral forces

III: Chairman
Secretary
Members

Y. Higashi
S. Kokusho
H. Aoyama, H. Endoh, M. Fukuhara, M. Hirosawa,
T. Kameda, T. Katoh, M. Kitahara, T._Minami,
T. Mukai, M. Murakami, M. Nakao, K. Oami,
K. Ogura, M. Ohkubo, K. Osada, Y. Ohsawa, and
A. Yoshida
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and the relative rotation angles of members. Fig. 7 shows the
envelope curves of load-deflection curves shown in Figs. 5 and 6.

The initial rigidity of PWC is about 0.85 times that of ow.

The maximum strengths of both test specimens are almost same
and about 3.5 times the strength of the frame only.

In case of PWC, the shear keys between wall and frame fractured
due to the shear at the rotation angle of about 1/100 rad.

The lateral force capacity of ow at the rotation angle of over
1/100 rad. is almost same as the maximum strength. On the other
hand, the lateral force capacity of PWC at the same rotation angle
is about 0.8 times the maximum strength.

ow fractured due to bending crush. On the other hand, PWC
fractured due to punching shear at the top of the column after
shear failure of shear keys.

(4) Conclusions

The results from these tests are summarized c •

a) The effect of the strengthening method is remarkable against
the maximum strength. The maximum strength of the strengthened
frame is almost same as the monolithic shear wall.

b) The effects of the strengthening methc
the initial rigidity and the lateral force cap
deflections.

.8 copriderable on
_y unucr large

c) The mode of fracture between two test specimens are different.
Therefore, in order to find accurate mechanism of fracture in the
frame strengthened by shear wall and the effects of this kind of
strengthening methods, the investigations must be further carried
out.

EXPERIMENTAL TEST B

(1) Test specimens

Test specimens consist of the following four types as shown in
Table 1.

a) Specimens of type AC are strengthened by the reinforced
concrete wing walls poured in place at the sides of the existing
columns as shown in Figs. 8 and 14. The thickness of the wing wall
is 70 mm.

b) Specimens of type PW are strengthened by the precast
reinforced concrete wing walls at the sides of the existing columns
as shown in Figs. 9 and 14. The thickness of the precast wing wall
is 40 mm.
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c) Specimens of type PA are strengthened by adjoining the
precast reinforced concrete wing walls at the sides of the existing
columns with steel anchor pieces as shown in Figs. 10, 12 and 15.
The thickness of the precast wing wall is 40 mm.

d) Specimens of type PCW are strengthened by adjoining the
precast reinforced concrete panels at the inside of the existing
frames with steel anchor pieces as shown in Figs. 11, 12 and 17.
The thickness of the precast panel is 40 mm.

The compre~sive strengths of concrete for types AC and PW are
about 230 kg/cm in the existing parts and in the precast parts,
and 300 kg/cm2 in the parts poured in place. The compressive
strengths of concrete for types PA and PCW are about 245 kg/cm2

and 415 kg/cm2 , in the existing and precast parts and in the parts
poured in place, respectively.

The yield strengths of reinforcement of 9 mm and 4 mm in 2
diameter for types AC and PW, are about 3865 kg/cm2 and 2290 kg/cm ,
respectively. The yield strengths of reinforcement of 9 mm and
4 mm in diameter for types PA and PCW, are about 3755 kg/cm2 and
3615 kg/cm2 , respectively.

(2) Test procedure

The axial force and antisymmetric bending moment are loaded by
means of special loading system in the test of types AC, PW and PA
as shown in Fig. 13. The horizontal loads are applied to type PCW
as shown in Fig. 16. All test specimens are tested by alternately
reversal loading, and the horizontal relative displacements between
top and bottom beams are measured.

(3) Results of test

Fig. 18 shows the envelope curves of the relationships between
the lateral force and the relative rotation angle of members in the
tests of types AC, PW and PA. The relative rotation angle of
members, R, means the horizontally relative deflections between top
and bottom beams divided by clear height of the column.

Table 2 shows the ratios of maximum experimental strengths
after strengthening to the calculated strengths before strengthening.

From these results, it is found that the above mentioned ratios
of increase in the maximum strength are around 2, and that the effects
of precast reinforced concrete wing walls are remarkable in the
increase of ductilities due to the effect of the steel angles
surrounding the precast concrete walls.

Fig. 19 shows the envelope curves of the relationships between
the lateral force and the relative rotation angle of frames, R, in
type PCW. Table 2 shows the ratios of maximum experimental strengths
after strengthening to the calculated strengths before strengthening.

From the results, it is found that the above mentioned ratios
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of increase in the maximum strengths are around 4, and that the
increase of ductilities in PCWC and PCWH is remarkable in comparison
to the monolithic shear walls, RCW.

(4) Conclusions

The results from these tests are summarized as follows:

a) Such rigidities and strengths of the existing columns
strengthened with the reinforced concrete or precast concrete wing
walls by welding the wall reinforcements to the hoops of columns and
by pouring concrete or mortar, are almost same as those of monolithic
columns and wing walls.

b) In case of the columns strengthened with the precast concrete
wing walls jointed to the existing columns by steel anchor pieces and
mortar grouting, the rigidities and strengths do not increase
sufficiently. However, the strength reductions due to alternately
reversal loading are little, and the deformation capacities increase.

c) In case of the frames strengthened with precast concrete
panels within the frame, the rigidities are not increased much, but
the strengths and the deformation capacities are increased.

d) In order to find accurate effects of this kind of strengthening
methods, the investigations must be further carried out.

EXPERIMENTAL TEST C2)

(1) Test specimens

Test specimens consist of the existing columns and the columns
strengthened by the welded wire fabrics and the mortar poured in place.
The width, E, over-all depth, D, longitudinal reinforcement ratio, Pt,
and shear reinforcement ratio, Pw' of the existing columns are 25 cm,
25 cm, 0.61 %, and 0.07 %, respectively. Test specimens have various
shear span length, a, thickness of mortar, t, mean axial compressive
stress, N/ED, and diameter, 0, and spacing, @, of the welded wire
fabrics, as shown in Table 3 and in Figs. 20 and 21.

The compressive strengths of concrete are about 210 kg/cm2 .
The compressive strengths of mortar are about 340 kg/cm2 . The yield
strengths of longitudinal reinforcement, hoop and welded wire fabric
are about 4000 kg/cm2 , 3810 kg/cm2 and 5000 kg/cm2 , respectively.

(2) Test procedure

The testing facil ity3) is shown in Fig. 22. All test specimens
are tested by alternately reversal loading, and the horizontal
relative displacements between top and bottom stubs are measured.

(3) Results of test

Figs. 23 through 28 show the examples of the relationships
between the lateral forces and the relative deflections.
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In case of the un-strengthened columns, the brittle fractures
occur under a few cycles of alternately reversal loading. On the other
hand, in case of the strengthened columns by the welded wire fabrics
and by the mortar with gaps at both ends of the columns, the
ductilities after bending yield are increased remarkably.

(4) Conclusions

The results from these tests are summarized as follows:

a) In case of the columns strengthened by the welded wire fabrics
and by the mortar with gaps at both ends of the columns, the
theoretical bending strengths of the existing columns are guaranteed
and the deformation capacities are increased remarkably.

b) Due to the scale effects, the relationships between the
effects and the amounts of strengthening on the strengths and the
deformation capacities are not found accurately.

c) The investigations of this kind of strengthening methods must
be further carried out in order to find the degree of the effects
accurately.

CONCLUSIONS

The effects on the strengths and deformation capacities of the
various kinds of strengthening methods are obtained by the experimental
tests. As the results, it is ~ound that the effects are remarkable,
and that these strengthening methods are effective.

Due to the limited number of tests, the investigations of this
kind of strengthening methods must be further carried out in order
to find the degree of the effects accurately. Further research and
development are hopefully waited.
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Table 1. Kinds of test specimens in experimental
test B

h,jD
(I.-D)

t / b
Column Wall NoteType No. 2 p,(%) p.(%) p•• (%)

A-I 4 0.5D 0.47 0.56 0.21 0.45
AC

B-1 2 D " 0.85 0.56 1.20

A-2 4 0.5D 0.27 0.56 0.21 0.79
PW

B-2 2 D " 0.85 0.56 1.05

CW4HO 4 I.87D " 0.56 0.21 0.31 1) & 3)

CW4Hl 4 " " " " " 1) & 4)

CW4H2 4 " " " " " 1) & 5 )
PA

CW4Cl 4 " " " " " 2) & 4)
CW2Hl 2 " " " " " 1) & 6)

CW2Cl 2 " " " " " 2) & 4)

RCW 6.67 I. =

" " " " 7)100 em

PCW
PCWH "

t. =

" " " " 1)10:, em

PCWC " 'f " " " " 2)

Note: 1)
2)
3)
4)

5)

6)

7)

mechanical anchor (cf. Fig. 12)
chemical anchor (cf. Fig. 12)
without steel anchor pieces in vertical joints
10 cm spacing of steel anchor pieces in vertical
joints
5 cm spacing of steel anchor pieces in vertical
joints
10 cm spacing of steel anchor pieces in vertical
joints; wing walls adjoined to column without
eccentricity
monolithic wall

Beam

Wing wall
(t)

Column(bXJ))
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Table 2. Ratios of maximum experimental strength
of specimens after strengthening to
calculated strength of specimens before
strengthening in experimental test B

(number of Bending Shear Note
ype specimens) strength strength

AC 2.14 2.58
(2 )

PW 1. 56 2.09
(2 )

PA cf. Table 1
(6 ) 1. 73 - 2.09 .1.32 - 1. 4:3

PCW 3.81 - 4.16 4.47
(3)

T

Table 3. Kinds of test specimens in experimental
test C

Symbol 01 D
Mortar NIBD B'xD' Welded wire P: P::

til
t (em) ( kgl cnf) --

(%) (%)BxD fabric

1 0.61-1.0- 26.3( o )* 1.0 26.3 0.07

2 0.61-1.0-26.3( 1 )6 1.0 6 26.3 2.19 8\1-50 @ 1. 14 1. 69
double

3 0.61-1.0 - 26.3(0.5)6 1.0 6 26.3 2.19 8¢ - 50@ 0.59 0.88
single

4 0.61 - 1.5 - 26.3( 0 )* 1.5 26.3 0.07

5 0.61 - 1.5 - 26.3( 1 ) 6 1.5 6 26.3 2.19 8¢ - 50 @ 0.59 0.88
single

6 0.61 -1.5 - 26.3(0.5)6 1.5 6 26.3 2.19 6¢ - 50 @ 0.35 0.52
single

7 0.61 -1.5 - 26.3(0.5)3 1.5 3 26.3 1. 64 6¢ - 50 @ 0.41 0.52
single

8 0.61-1.5-52.5( o )* 1.5 52.5 0.07

9 0.61 -1.5 - 52.5( 1 ) 6 1.5 6 52.5 2.19 8¢ - 50 @ 1.14 1. 69
double

10 0.61 - 2.0 - 26.3( o )* 2.0 26.3 0.07

11 0.61 - 2.0 - 26.3(0.5)6 2.0 6 26.3 2.19 4¢ - 50 @ 0.18 0.27
single

12 0.61 - 2.0- 26.3(0.5)3 2.0 3 26.3 1. 64 4¢ - 50@ 0.21 0.27
single

13 0.61-2.0-52.5( o )* 2.0 52.5 0.07

14 0.61 - 2.0 - 52.5( 1 ) 6 2.0 6 52.5 2.19 8¢ - 50 @ 0.59 0.88
single

Note: *:
aiD:
t:
B'xD' :

P '.w •

P II.
w·

existing column
shear span ratio of existing column
thickness of mortar
sectional area of column including strengthening
mortar
shear reinforcement ratio including welded wire
fabric in section after strengthening
shear reinforcement ratio including welded wire
fabric in section before strengthening
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Fig. 3 Arrangement of shear key in experimental test A

Fig. 4 Testing facility in experimental test A
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18
AN EXPER~MENTALSTUDY ON EARTHQUAKE RESISTANT STRENGTH
ENING WORK FOR EXISTING REINFORCED CONCRETE BUILDINGS

. (1)
T etsuya SasakI ,

.. (II)
Kohlchl N onaka

by

Atsusi Hattori (II), Naoharu Mori (II)

(II)
and Tatsuo Suenaga

Synopsis

The object of this investigation is to present a practical method for
strengthening the existing reinforced concrete buildings with inadequate
earthquake resistance, The method investigated he rein is to cove r an
existing concrete column by a thin steel plate and to grout the clearance
between the column and the steel plate with non- shrink mortar,

The test was performed by applying repeated alternate distortions
to the colum specimen, simulating the effects of earthquakes. This
paper deals with existing columns, thickness of steel plate, shear
deflection behavior, shear-axial length behavior and failure mode of the
column specimens.

L OBJECT

Damages resulting from the Tokachi-Oki Earthquake of 1968
demonstrated that some of reinforced concrete buildings designed by
former code do not have adequate earthquake resistance. According to
the authorities' survey, there exist considerable number of reinforced
concrete buildings with poor earthquake resistance in Tokyo City, which
are thought to become one of the causes of earthquake disaster.

The object of this investigation is to present a practical strengthening

method for these weak buildings.

2. STRENGTHENING METHOD

There would be various methods for the strengthening of weak

buildings, as mentioned as follows:

1)
2)

double
3)

(I)

(II)

adding shear walls or bracings to the existing frame,
adding a new earthquake resisting frame to the existing frame

frame,
Strengthening the existing column itself by means of reinforcing

Senior Research Engineer, Kajima Institute of Construction
Technology

Research Engineer, Kajima Institute of Construction Technology
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the surface of the column.
While methods 1) and 2) mean "strength proof" strengthenings which make
the weak buildings stronger, method 3) means "ductility proof" strength
ening which prevents the column from brittle shear failure and gives
adequate rotation capacity at the column ends. Method 3) was only dealt

with in this investigation.

Three strengthening details were decided as shown in Fig.l so that
they meet as much as possible the clients' needs for the architectural
design and planning of existing building, strengthening period and various
troublesome businesses before and after the strengthening work.
These methods are to cover existing old column by a thin steel plate and
to fill the clearance between the column and steel plate with non- shrink
mortar. These strengthening works are easy to practise and estimated

not to cost so much.

The shapes of cover plate in horizontal section may be designed in
box or circular shell, and sometime s in band when needed to strengthen
a column in spandrel walls. They are called as Box, Pipe and Band type
respectively.

3. TYPICAL EXISTING COLUMNS EVER DAMAGED DURING EARTH
QUAKES

The damages which reinforced concrete buildings suffered from the
Tokachi-Oki Earthquake and San Fernando Earthquake might be super
ficially classified into two types as follows;

1) Open columns (long columns) which stand on the "pirot'i floor" or
on the floor with small area of shear walls were damaged at the top and the
bottom and much swayed.

2) Short shear span columns such as columns with spandrel we re
failured in shear.
Long column and short column, therefore, were adopted as the original
columns. The characte ristic value s of the original columns such as

sectional size, length, reinforcement, designed shear stress, designed
normal stress and etc. were determined as the ordinary values of the
already constructed reinforced concrete buildings' colums, as shown in
Fig.2.

4. ESTIMATION OF THE THICKNESS OF STEEL PLATE,

How many thickne s s of steel plate shall be needed so that the
strengthened column may be saved from the failure in shear and have
sufficient ductility. The authors roughly estimated the thickness of steel
plate under the following consideration. In these estimations, the existing
shear reinforcement and the increment of moment capacity of column due
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to the strengthening work were neglected.

(1) Estimation by A. 1. J. Structual Standards (1971)

The required shear reinforcement of the column under the designed
shear stress rD = lZ. 5 kg/ cmZ is calculated from the following formula (1).

p =w
1. 5 T D - Is + o. 0 0 2

0.5 wit

1. 5 x 1 2.5 - 2i~
+

1 200
O. 0 0 2 - O. 8 9 %

( 1)

This shear reinforcement corresponds to the strengthening steel plate of
Z.5 mm thickne s s.

On the other hand, the required shear reinforcement under the shear
in the cas e when the top and the bottom of column corne to yielding in
bending is calculated from the following formulas (2) to (4).

N
0.8 at(JyD + 0.5NDC 1---)

bDFe

6,5 20 t· em

5 2. 1 t

Q0/bi-I s + o. 0 0 2 •••••••••••••••••••

0.5 wi t

1.1 6%

( 2)

(3)

(4)

This reinforcement corresponds to the steel plate of 3, Z mm thickne s s.

Notations in formulas (1) to (4) are as follows;

Pw shear reinforcement ratio

T D designed shear stress
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fs

wft

h. D. j

N

designed compressive strength of concrete

allowable shear stress of concrete for temporary loading

allowable tensile stress of shear reinforcing bar for
temporary loading

ultimate bending strength of the column at the ends

allowable tensile yield stress and the sectional area of
longitudinal tension reinforcement of the column at the ends,
respectively

width, depth and effective depth of the column, respectively

axial force applied to the column

shear force produced on the column in the moment yielding at
the ends

(2) Estimation by the ACI-SEAOC Standards (318-71) for Ductile Moment
Resisting Frame

The required shear reinforcement is calculated from the following
formula (5) or (6), whichever is larger.

f;
Pw = 0.3

f"
y

1. 3 1 %

O " ?• J. '

1.05%

where,

(Ag _ 1 )
Ac

(5 )

(6 )

Pw required shear reinforcement ratio

f~ designed compressive strength of concrete

f " tensile yield stress of shear reinforcing bar
y

Ag gros s sectional area of column
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Ac sectional area of the core of column

Based on the above mentioned calculation, 3,2 mm (standard size)
was adopted as the thickness of strengthening steel plate, which corres
ponds to fb =1. 2%.

5, EXPERIMENT

(1) Specimens

The test consists of two series. One is a series of long columns and
the other is a series of short colums. Each series contained one column
without strengthening and two with various strengthening as shown in Table
1, thus six specimens were prepared. All specimens were of 1/2
reduced scale. As shown in Fig. 3, the specimens are ++ shaped
columns with beam stubs on both sides. The portions outside of the stubs
which are for the loading are increased in both sectional area and re
inforcements.

Strengthening works were performed according to the standard
procedure of this strengthening system, that is to say, existing column was
cove red with steel plate and then the bottom of steel plate was shielded
with cement mortar and finally non- shrink cement mortal was poured down
from the clearance between the column and steel plate at the top of the
column, patting steel plate several times with a small wooden hammer.
The clearance was obse rved to have been filled consistently with the non
shrink mortar by the opening of steel plate after test.

Physical properties of steel plates, re-bars, concrete and grouted
mortar used for the specimens were as shown in Table 2 to Table 4,

(2) Instrumentation and Test Procedure

The same test setup was employed for all specimens, An over all
view of the testing arrangement is shown in Fig, 4. The specimen was
placed horizontally in the loading frame. Lateral loads were applied by
means of oil jacks as shown in Fig. 5, producing anti-symmetric moments
on the test column, First, the column axial load N (=0,25 bDFc) was
applied and was kept constant throughout the test, Then, the loads P we re
applied simultaneously to both stubs of the specimen which was supported
at the ends. The stub loads were applied repeatedly and alternately into
both directions as indicated by +P and -P in Fig, 5.

Dial gages and electric displacement meters were used to measure
deformation of the specimen as shown in Fig. 5. Extensive measurement
was taken of strains by wire strain gages at various locations, including
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main re-bars, hoops and steel plate, in order to observe the outline of
the state of stress and yielding.

Each specimen was tested according to the loading scheme as shown
in Table 5,

6. TEST RESULT

The restoring forces at the characteristic points were summ.arized
in Table 6. Figs 7(a)to 7(c)and Figs 8(a)to 8(c) show the shear-deflection
curve for each specimen of long column series and short colurnn series,
respectively. The definition of the deflection is as shown in Fig. 6.
The number at the top of loops indicates the cycle number counted from
the beginning of the test. Hysteresis loops under the constant displace
ment were shown only for the first and last loading. The calculated
ultimate bending strength shown by dashed line in Fig, 7(a) is based on the
formula (2). The dashed line shown in Fig. 8(a) which means ultimate
shear strength was calculated from the following formula (7).

b) [ O. 0 8 2 k p ( 1 8 0 + Fe )

aid + 0.115

kp 0.8 2P t 0.23

where,

+2.7~ J+O.1N .
w y

(7)

b, j: width and effective depth of column, respectively (cm)

Q ultimate shear strength (kg)
u

2
Fe compressive strength of concrete (kg/cm )

N axial force applied to the column (t)

aid shear span ratio

Pw shear reinforcement ratio

2
ay yield stre s s of shear reinforcing bar (kg/cm )

Pt tensile reinforcement ratio (%)

From shear-deflection curves the following remarks may be derived.

1) Original columns were not ductile. Almost of the initial restoring
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force was rapidly lost after a few repetitions. They kept their calculated
ultimate strength w.ithin only the limited deformation.

2) Maximum strength of the strengthened column was 1. 25 to 1. 5
time s as strong as the original column.

3) The restoring force of the strengthened column specimen at large
displacement over maximum strength point, at the first displacement of
60 x 10 -3 rad. for example, was larger than 80% the maximum strength of
each specimen. In contrast, original long column specimen kept only 32%
its maximum strength and original short column specimen already collapsed.

4) The effect of the strengthening was more remarkable in short
column than in long columns. Pipe type was most effecti ve among the
types.

Figs.9 shows the reduction of restoring force of the specimens at
R := 15 x 10- 3 rad. under alternately repeated distortion, which is
indicated as normalized average values for positive and negative loads.

Fig. 10 shows the relationship between the elongation or shortening
of axial length and the displacement of specimen, plotting the values at
the peak load in the first loading of each constant displacement.

Figs. 11 shows the same plotting of the re sidual value s at the complete
unloading in the first and last cycles of each displacement. From these
figures, it may be seen that the more the strengthening effective, the
more the columns elongate and that original columns shortened at the
large displacement and short original column collapsed due to axial force
at the final state.

Fig.12 shows the specimens after testing. L specimen failed in bending
and the covering concrete spalled off at the ends. 0 - L, 0 - Sand F£-s
specimens also failed in bending at the ends.
Concrete failed and strengthening steel plate buckled at the compres sion
side, and main rebars were elongated at the tension side of the section.

o -L specimen was little damaged. S specimen failed in shear and
swelled and collapsed due to axial load.

7. CONCLUDING REMARKS

(1) Original column with small shear reinforcement had poor ductility
and lost most of its initial restoring force after a few repetitions of cyclic
loading. This deterioration of earthquake resistance was more conspicuous
in short column than in long column.
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(2) The strengthening method investigated herein, in spite of its easy
work and cheap cost, proved to give remarkable effects on the improvement
of the earthquake resistance of these weak columns. The effects were more
remarkable in short columns than in long columns. Pipe type had the most
remarkable effects among the strengthening types investigated herein.

(3) It was found that the strengthening effects were obtained by the
surrounding steel plate which prevented the column concrete from spalling
off and maintained the confinement. The continuity at the interface between
the grout ed mortar and the original column was lost during alternately
repeated distortions. If the continuity between them could be obtained
the strengthening effe cts would be improved furthe r.

This investigation had been carried out under the leadership of
Prof. Muto and Dr. Hisada to whom the authors express many thanks.
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Table 1 Test Programm & Name of Specimen

~
Existing Fortification Types

Column
BOX PIPE BAND

Long Column
L O-L 0- L --Series

Short Column
S 0- S -- IP..- SSeries

Table 2 Physical Properties of Steel Plate and Reinforcing Bars

Cross Section
Yield Tensile Elonga-

Test Piece
Thickness

Sectional Point Strength tion Notes
or

Area
Diameter

(mm) (mm 2) (kg/mmZ] (kg/mmZ] (%)

R., - 2. 3 2.28 57.0 31. 9 46.7 26.4 S S 41
Steel
Plate

R., - 4. 5 4.41 110.4 33.0 44.4 22. 6 S S4l

6p 5.51 23. 8 - 50.9 28.4 S R24
Re-
Bar

19 p 18.92 280.9 34.3 52.2 27.4 S R24

Table 3 Cylinder Test of Concrete

Compres- Modulas
Muximum

sive of
Strain AgeSpecimen

Strength Elasticity
as (kg/cm2) x la5(kg/cm 2) Os (x 10-3) (day)

L 224 2. 06 2.49 41

0- L
211 2.33 2.48 58

D - L

S 231 2.37 2. 16 69

O- S
241 2.01 2.59 85

IP..- S

Note: Test pieces were put in the air near the specimen
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Table 4 Mix Design and Cylinder Test of Grouting Mortar

Mix Design Test Results

Weight Proportion Tensile Compres-
sive

W/C Flow Strength
Strength

Expansion Age

Cement: CSA: Sand (kg/cm 2) (kg/cm 2) (xlO- 4 ) (day)

O. 89 : O. 11 : 1. 00 0.45 14sec 80.0 385.0 +2.09 61

Table 5 Loading Scheme

Long Column Series

Cycle No. 1 2 - 11 12 - 21 22 23 - 27 28 29

Load
0.7Qy

•
Control

Qy

Displacement o • 2 Oy Oy 4 Oy :3 Oy 6 OyControl y

',' shear and displacement at the yielding of L specimen.

Short Column Series

Cycle No. 1 2 3 - 7 8 -12 13-17 18

Displacement
1/1,000 1/500 1/200 1/100 1/50 1/25Control(rad)
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Table 6 Restoring Forces (ton)

~"ie, Long Colums Short Colums

Character-
istic Points Specimen L D-L O-L S D-s IP,-S

Exp. 15.0 - - 15.0

Bending Crack
Cal. 9.4 15.5

Exp. 25.0 - - 27.5
Shear Crack

Cal. 15.8 18.9

Exp. 32.5 40.0 46.5
Bending Yield

1 )Cal. 37. 1 61. 2

Exp. 37.5 55.0 55.0
Shear Yield

Cal. 2) 28.0 36. 7

Maximum Strength Exp. 33. 0 41. 2 50.0 40.9 60.0 59.6

Failure Mode B.F B.F B.F S. F B.F B.F

Notes: 1) Based on the formula (2)

2) Based on the formula (7)

3) B. F and S. F mean bending failure and shear failure,
respectively.

STEEL fe.6

BOX TYPE PIPE TYPE BAND TYPE

Fig. 1 Strengthening Methods
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DESIGNED BY A.I.J. RC CODE-1962
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19 REPAIR AND REHABILITATION OF REINFORCED
CONCRETE STRUCTURES

by

Duane L. N. Lee (i), James K. Wight (ii) and Robert D. Hanson (iii)

SYNOPSIS

An investigation on the effectiveness of repaired reinforced
concrete exterior beam-column subassemblages is presented. The epoxy
injection technique and the removal and replacement technique using
different high early strength materials were used to repair the specimens.
Details of the repair procedure along with the strength properties of the
materials used in the repairs are given. Based on the results, it is
concluded that epoxy injection, and removal and replacement methods of
repair can restore structural integrity to the members.

INTRODUCTION

It is recognized as impractical, if not impossible, to design a
structure which will withstand a severe earthquake without damage.
structural and nonstructural damage should be anticipated during a severe
earthquake. The repair of this damage should at least restore the struc
ture to its previous capacity to resist gravity and lateral loads and in
many instances, an increase in the lateral load resistance capability
would be desirable. In practice when the damaged region is repaired with
higher strength material, the repair is assumed to be sufficient to carry
gravity loads. However, it is not known if the capability of the struc
ture to withstand seismic loads has been restored. It may be necessary
to strengthen the structure during repair to insure sufficient lateral
stiffness and strength. As the amount of earthquake produced structural
damage accumulates, there will be an increasing need to understand the
behavior of repaired structural members as well as to determine the
effectiveness of rehabilitation schemes for a structure.

REPAIR AND BEHAVIOR

In practice structures that have survived an earthquake with only
minor damage will usually be repaired by epoxy injection. More extensive
damage will necessitate complete removal of the loose concrete and filling
of the resulting void with material of the same or higher strength. It is
desirable to use a high early strength material so that the structure can
be repaired and reoccupied in the shortest possible time.

(i) Graduate Student in Civil Engineering
(ii) Assistant Professor of Civil Engineering
(iii) Professor of Civil Engineering
The University of Michigan, Ann Arbor, Michigan, USA.
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EPOXY INJECTION

Technique. Epoxy injection is a technique where low viscosity epoxy
is injected into cracks to restore continuity in the member and bond
between the concrete and reinforcing steel. A procedure used by Sika
Chemical Corporation (i) for the repairs discussed in Appendix A is as
follows. Polyethylene check valve nipples in which reverse flow in the
valves are permitted if the stopper in the valve is depressed were located
along the crack on both sides of the specimen for cracks penetrating the
entire width of the member. For narrow cracks, the nipples were spaced
closer together. High viscosity epoxy was used to seal over the cracks
and around the nipples to prevent escape of the injected epoxy material.
After the sealant cured, a caulking gun was used to inject low viscosity
epoxy into the nipple at the lowest elevation while the higher elevation
valve stoppers were depressed to bleed off air and witness epoxy overflow.
When overflow was evident in the nipples of next higher elevation on both
sides of the specimen, the crack between the injected and overflowing
nipples was assumed to be saturated with epoxy. The injection process now
shifted to the overflowing nipples and the process repeated until the
entire crack has been saturated. If leakage of epoxy occurs in the sealed
cracks or around the base of the nipples during the injection process, a
bar of soap is rubbed over the area of leakage to provide a temporary seal.
If this method fails, the epoxy injection process is delayed until the
sealant can be reapplied. Figure 1 shows the location of the nipples and
the injection. After repairs, the sealant can be heated and scraped off
to return the member to its original smooth surface.

Epoxy injection repairs made at the University of California (1),(2),
(3) by Adhesive Engineering Company used a similar procedure. However, no
check valve nipples were used to receive the epoxy. Instead, epoxy was
injected directly into unsealed ports along the crack. Small lengths of
unsealed cracks were used to witness epoxy overflow which were than rubbed
with paraffin to prevent further escape of the material. This procedure
is satisfactory if there is no leakage of epoxy in the paraffin sealed
cracks. If leakage occurs under pressure, the penetration of epoxy into
unsaturated cracks may be incomplete.

Behavior. Tb date the amount of research on the effectiveness of
members repaired with epoxy injection is limited. Investigators at tre
University of California have used this technique to repair members and
frames. Celebi and Penzien (2) found the epoxy injection technique to be
effective in restoring a beam's stiffness, strength and energy dissipa
tion capabilities. However, Mahin, Bertero, Atalay and Rea (1) found the
stiffness and strength were restored, but the energy dissipation capabili
ties were reduced. Also, Mahin, et al (1), and Hidalgo and Clough (3)
expressed doubt on the effectiveness of the epoxy injection technique to
restore the bond between the reinforcement and concrete.

Recent tests on beam-column subassemblages described in Appendix A
shows the epoxy injection technique to adequately restore structural
integrity to the member. The hysteresis loops in Figs. 2a and 2b for

(i) Sika Chemical Corporation, Lundhurst, New Jersey, USA.
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Specimen 1 indicate the repaired specimen has equivalent stiffness,
strength, and energy dissipation capability as the original specimen.
Nominal strengths of the epoxy-neat material used in the repairs are
given in Table 1.

REMOVAL AND REPLACEMENT

The only effective method of repa~rlng severely damaged structural
members is to remove the damaged material and replace it with new material.
The repair should satisfy the latest code requirements as suggested by
Fratt (4). For the repairs made during this investigation, high early
strength materials were used.

Properties of Repair Materials. Strength and stiffness properties of
the materials used in the repair of beam-column subassemblages in Appendix
A are tabulated in Table 1. Except for the epoxy-neat material, the test
specimens were 4 in. by 8 in. (10.16 cm by 20.32 cm) cylinders that were
manufactured and cured in the laboratory. Because the comparison was made
against Portland Cement concrete, the rate of loading during testing was
the same as that suggested by ASTM (5) for concrete. The tensile strengths
were obtained from the standard splitting test. The values listed in
Table 1 show that these materials have high three day compressive strengths.
The tensile strengths are comparable to that of Type I Portland Cement
concrete except for the epoxy materials which are significantly higher.

Stiffness properties given in Table 1 were obtained from stress
strain curves such as those shown in Fig. 3. The modulus of elasticity
was obtained by taking the secant modcuus up to 0.45 of the ultimate load.
Fig. 3 and Table 1 indicate the epoxy materials have a lower stiffness
than regular (Type I Portland Cement) concrete and have larger strains at
ultimate load. The stiffness of the other non·-epoxy type materials in
Fig. 3 and Table 1 are comparable to regular concrete.

For cyclic lQading in the inelastic range, the following are consider
ed to be ideal mechanical properties for repair material:

1) Compressive strength equal or greater than adjacent regions.

2) Stiffness comparable to that of adjacent regions.

3) High ultimate strains to delay crushing.

Technique. For the investigation given in Appendix A, the procedure
for the removal and replacement type of repair is as follows. Loose
concrete was removed by a hammer and chisel although electric and pneuma
tic tools can be utilized. Buckled bars were straightened as much as
possible and when required, shear reinforcement was added in the void
area during repairs (Fig. 4) to satisfy the current American Concrete
Institute Building Code (6) requirements for shear and confinement. The
reinforcement and existing concrete surfaces were then sandblasted if
epoxy was to be used to improve the bond between the new and original
material. Wood forms, covered with polyethylene were erected to enclose
the existing void. The polyethylene was used to protect the forms from
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the epoxy although other materials may be used. If epoxy was used, it
was painted on the existing surfaces before placing the new material.
After placement, the new material was vibrated to eliminate voids.

The prepak method of placement was utilized when epoxy-sand mortar
was used in the repair. For this procedure, the sandblasted surfaces of
concrete and steel were coated with epoxy after erecting tightly fitted
forms. One inch (2.54 cm) layer of aggregate was placed in the void and
then saturated with low viscosity epoxy. Additional one inch layers of
aggregate were placed and saturated until a total thickness of five inches
(12.70 cm) was attained. A delay of several hours was taken before start
ing the next five inch accumulation in order to dissipate the heat generat
ed by the chemical reaction during epoxy curing. For smaller void areas,
a deeper accumulation is possible before a pause is reQuired. This method
maximizes the strength of the material by minimizing the air voids in the
mortar which are created by mixing.

Behavior. Previous investigation by Lee and Hanson (7) has shown
that repalrlng the connection with a high strength material can shift the
damage from the joint into the beam and/or columns.

For the tests described in Appendix A, the removal and replacement
technique was effective as shown by the hysteresis loops for Specimen 2 in
Figs. 5a and 5b. The damage from both original testing and retesting
occurred in the beam. A comparison of the hysteresis loops in Figs. 5a
and 5b indicate the stiffness, strength, and energy dissipation capability
was restored during repairs.

The repaired beams were stronger during retest due to the use of high
strength materials and strain hardening of the steel during original
testing. Because of the increase in strength, the damage during retest
often moved into the joint and/or column which were damaged during
original testing, but were not repaired. Joint used in this context
implies the column at the level of the beam. In practice, the minor
cracks that are too narrow to epoxy inject are usually not repaired. An
example of this can be shown by the photographs in Figs. 6a and 6b and by
the hysteresis loops in Figs. 7a and 7b for Specimen 6. A comparison of
hysteretic behavior shows that the load and energy dissipation degrades
more rapidly during retest than during the original test. The difference
in hysteretic behavior is due to the change in behavior from a flexural
type in the beam during original testing to a shear type in the joint
during retest. Another indication of joint deterioration can also be seen
by comparing the joint distortion as shown in Figs. 8a and 8b for Specimen
6.

Brittle material should be avoided in repairs. Because of its low
ultimate strains, these materials will usually crush sooner during bending
action and cause a sudden loss of the beam's compression zone cover, thus
reducing the beam's cross-section. Also, after these materials are
cracked in tension, smooth crystaline planes that offer little resistance
to shear slippage during load reversals are formed.

Epoxy used as a bonding agent needs further investigation. Observa
tion after retesting showed no traces of residual epoxy on the reinforcing
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bars in the damaged area. Also for Specimen 7, where epoxy was used to
bond the first lift of repair material to the second lift, the repair
material separated at the construction interface after a few cycles of
inelastic loading. Further examination showed the epoxy to 1Jond only to
the second lift. Therefore, it is suggested that epoxy used with diffe
rent materials should be laboratory tested before field utilization.

REHAB ILITAT ION

The purpose of rehabilitation as used herein is to increase the
lateral strength and stiffness of the structural system so that it is
capable of safely resisting larger earthquake ground motions. There is
little laboratory data available to verify the effectiveness of various
rehabilitation techniques. Current experimental studies at The University
of Michigan have been planned to determine the effectiveness of rehabilita
tion of moment frame structures with infill wall panels. The first series
of tests will include (a) cast-in-place reinforced concrete wall,
(b) single panel precast reinforced concrete wall, and (c) multiple panel
precast reinforced concrete wall. A monolithic infill shear wall and an
open moment frame provide the limiting conditions for evaluation of these
three rehabilitation techniques. It is expected that this data will be
available in October 1975 (8).

CONCLUSION

The behavior of repaired reinforced concrete beam-column subassem
blages using the epoxy injection, and removal and replacement repair
techniques was presented. Based on the results of the investigation, the
following conclusions are suggested.

1. Epoxy injection, and removal and replacement repair techniques
can be used to restore structural integrity to the member.

2. Repair of the beam may result in the damage moving to the joint
and/or column during inelastic cyclic action.

3. Brittle materials may be less suitable for certain repair situa
tions.

4. The effectiveness of epoxy as a bonding agent between reinforcing
steel and new concrete is unknown for inelastic cyclic loading.
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Table 1. strength and Stiffness Characteristics of Material Used in Repairs.
(1 ksi = 6.89 N/mm2 )

Material 3-Day
Compressive
strength
(ps i)

28-Day
Compressive
Strength
(psi)

3-Day
Tensile
Strength
(psi)

28-Day
Tensile
Strength
(psi)

3-Day
Modulus of
Elasticity
(ps i)

28-Day
Modulus of
Elasticity
(psi)

Epoxy- 10,400 12,000 4,900 (ii) 260,000 490,000Neat (i)

Epoxy-Sand 8,400 9,900 740 920 2,000,000 2,200,000Mortar (iii)

Duracal Cement
4,800 7,200 430 570 3,200,000 4,000,000Concrete (iv)

w
-J

High strength Quick-J

7,900 420 610 3,600,000 4,200,000Setting Concrete (v) 5,000

High Early (Type
7,000 (vi) 4,300,000 (vi)III) Concrete

-

(i) Data supplied by Sika Chemical Corporation, Lyndhurst, New Jersey, USA

(ii) Based on 14 days.

(iii) Sand had uniformity coefficient of 1.33 and a D
50

of 1.55 mm.

(iv) Produced by United States Gypsum Company, Chicago, Illinois, USA.

(v) Developed by Republic Steel Corporation, Cleveland, Ohio, USA

(vi) Based on 18 days.
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Figure 1. Epoxy injection in progress after locating the nipples and
sealing the cracks.
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Figure 4. Specimen 7 in the upright position before repairs. Loose
concrete was removed and stirrups were added after original
testing.
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(1 kip = 4450 Nand 1 in. = 2.54 cm)
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Figure 6b. Specimen 6 after retest.
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APPENDIX A

This appendix summarizes recent unpublished data developed
by the senior author during his Ph.D. research. Complete data
and analysis will be given in his dissertation to be completed
in September 1975 (9). The primary objective of this investi
gation was to study the behavior of repaired reinforced con
crete exterior beam-column subassemblages. The design of the
original specimens was intended to model existing structures
and the loading of each specimen was intended to simulate mem
ber response due to earthquake motions.

Design of Specimens. Two design criteria were used for
the original specimens. The first design, referred to as "Type
I Design" herein, used the 1971 American Concrete Institute
(ACI) Building Code for nonseismic areas (excluding its Appen
dix A). This design was assumed to represent existing struc
tures which were designed without considering seismic loading.
The second design, referred to as "Type II Design" used the
1971 ACI Building Code including Appendix A (special provi
sions for the design of ductile moment-resisting space frames)
along with recommendations from ACI-ASCE Joint Committee 352
for joints. Overall dimensions of the specimens and the de
tails of the reinforcing steel for Type I and Type II designs
are shown in Figs. A.l and A.2 respectively. The primary dif
ference in the members resulting from the two design criteria
is the amount of shear reinforcement.

The specified concrete strength for the beam-column sub
assemblage was 4,000 psi (27.6 N/mm 2 ). The nominal yield
stress for the column's longitudinal reinforcement was 60,000
psi (423 N/mm 2 ) and that for all the beam's main reinforcement
was 40,000 psi (276 N/mm 2 ). All shear reinforcement had a
nom ina 1 y i e 1 d 0 f 40, 000 psi ( 2 7 6 N/ mm 2 ) .

Testing. The original and repaired specimens were tested
in a horizontal position as shown in Fig. A.3. Rollers were
placed vertically on each side of the column at both ends of
the column to represent inflection points at the midstory height
as the building deflects laterally. A constant axial force
was applied to the columns and then the end of the beam was
slowly deflected by a hydraulic actuator.

To obtain different degrees of damage during original
testing, two displacement patterns were used to simulate mo
derate and severe earthquake loading as shown in Fig. A.4.
Ductility as used in this paper is defined as beam-tip dis
placement divided by the displacement at the time of yielding
of the beam's top bars. The uniform patterns illustrated in
Fig. A.4 were utilized in studying the degradation characteris
tics of the specimens. For retesting, each repaired specimen
was subjected to the same displacement pattern as used during
original testing so that direct comparisons of the results
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could be made.

Data Acquisition. For original testing, high elongation
electrical resistance strain gages, applied to the reinfor
cing steel in and near the joint during construction, were
used to indicate steel strains. During original testing and
retesting, a continuous record of the beam-tip force vs. de
formation was recorded and used to monitor the progress of the
test. This data was later used to analyze the stiffness and
load degradation, and energy dissipation capacity of the speci
men. The shear distortion in the joint and the beam rotation
measured relative to the column at a point 10 inches (25.4
em) from the inside column face were both measured with Linear
Variable Differential Transformers (LVDT).

Original Behavior. The type of design, column loading and
the displacement pattern used for each specimen is given in Table
A.l. The 40 kip (178,000 N) column load for Specimens 1 through
4 represented about 40 percent of the balanced axial load. For
Specimens 2 and 4, a ductility of about five (instead of six)
was attained during cycles 5 through 9 (see Fig. A.4(b)) due
to actuator stroke limitation. The beam's shear span was de
creased by moving the actuator in 5 1/2 inches (14 em) for
Specimens 5 through 8 to obtain a ductility of six during cy
cles 5 through 9 as shown in Fig. A.4(b).

For all the specimens, the primary damage occurred in the
beam and most of the damage was attributed to flexural action.
For the severe loading case minor crushing did occur in the
beam's compression zone during the first quarter cycle of
loading, but almost no drop in load resulted. X-type diagonal
cracks were observed in the joint. Cracks could also be seen
in the joint along the straight portion and around the hook
of the beam reinforcement embedded in the joint indicating a
loss of bond and high bearing stresses. A strain gage mounted
on the reinforcing bar just before the hook indicated the bar
was yielding at that location during cyclic motion. Specimens
5 through 8 had more cracks in the joint as compared to Speci
mens 1 through 4. However, it appeared the joints behaved well
for all the specimens, especially the first four specimens
which had a column load of 40 kips (178,000 N).

Repaired Behavior. Specimens 1 and 3 were repaired by
epoxy injection technique after sustaining the moderate loading
pattern in Fig. A.4(a). For Specimens 2 and 4, and 6 through
8, the removal and replacement technique was used to repair
the specimens. (Specimen 5 was not repaired.) Table A.2 In
dicates the material used in each repair as well as their
strengths at the time of retesting.

Briefly described below are observations made during the
retest for each specimen.
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Specimens 1 and 3. Epoxy injected cracks remained closed.
New cracks formed in the beam both within and adjacent
to the repaired region. The joint continued to behave
well.

Specimen 2. Damage occurred in the repaired region. Over
all behavior was similar to that of original testing.
Joint continued to behave well.

Specimen 4. Crushing occurred during the first quarter cy
cle and caused a sudden loss of the beam's cQver in the
compression zone. Flexural cracks in the repaired re
gion offered little resistance to shear. Joint continued
to behave well.

Specimen 6. Repaired beam sustained minor
Major damage occurred in the joint.
observed in the column.

flexural cracks.
Cracks were also

Specimen 7. The beam was repaired in two lifts with the se
cond lift being the top one inch (2.54 cm) of the beam.
Crushing occurred in the beam's compression zone during
the first quarter cycle and caused partial loss of the
beam's cover. Subsequent cycles caused separation of
first and second lift at the epoxied construction inter
face. Joint showed additional cracking. Column con
tinued to behave well.

Specimen 8. Flexural cracks occurred in the repaired beam.
No crushing was observed. Cracks were concentrated at
the beam to column interface adjacent to the repaired
region. Joint showed additional cracking. Column con
tinued to behave well.
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Table A.l. Design and Loading Parameters.
(1 kip = 4450 N)

Specimen Type of Design Type of Loading Column Load (kips)

1 II Moderate 40

2 II Severe 40

3 I Moderate 40

4 I Severe 40

5 II Severe 0

6 I Severe 0

7 I Severe 0

8 I Severe 0
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Table A.2 Materials Used in Repair and Their strengths at
Time of Retest.
(1 ksi = 6.89 N/mm2 )

specimen sandblasted and Material Compressive
Painted with Strength (psi)
Epoxy

1 (Epoxy Injection) Epoxy-Neat 12,000 (i)

2 Yes High Early 7,100
(Type III) Concrete

3 (Epoxy Injection) Epoxy -Neat 12,000 (i)

4 No High Strength Quick 8,000
Setting Concrete

5 (Not Repaired)

6 Yes High Early 7,000
(Type III) Concrete

7 Yes Duracal Cement 6,000
Concrete

8 Yes Epoxy-Sand Mortar 9,700

(i) Supplied by Sika Chemical Corporation.
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Figure A.3. Specimen in horizontal position during
original testing and retesting.
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Figure A.~ Displacement pattern representing (a) moderate and
(b) severe earthQuake loading.
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