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ABSTRACT

The problem of understanding and modeling the behavior of reinforced concrete struc-
tural walls subjected to high shear earthquake loading conditions is studied. Results of eight
earthquake simulation tests on 1/3 scale structural R/C wall subassemblage model specimens
are presented.

The prototypes were ten and sever-story buildings designed to current code provisions.
Details of the test set up, the models testzd, and the test procedure are summarized. The main
experimental results are evaluated in terms of the hysteretic characteristics (strength, deforma-
tion, and energy dissipation capacity), the modes of failure, ease of construction, and
effectiveness of repair.

The parameters studied were: type of confinement in the boundary elements (hoop vs.
spiral); wall cross-section (rectangular vs. framed where the boundary elements protrude from
the surface of the wall); moment-to-shear ratios, monotonic and cyclic load programs; and
repair procedures. Excellent behavior was obtained in well designed R/C structural walls.
Slender walls with rectangular cross-secticn were found to have problems with out-of-plane sta-
bility.

The analytical work included modeling of the wall behavior under monotonic loading and
high shear conditions. The models developed included a breakdown of the overall :deformation
into three components: flexural, shear, and fixed end deformations. The possibility of extend-
ing these models to the case of cyclic loading is investigated.

Present code design methods for walls are assessed, the seismic-resistant design implica-
tions of the results are discussed, and aress of further study are recommended.
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1. INTRODUCTION

1.1. General Remarks

Efficient design of carthquake resistant structures requires a good scientific background,
experience, and judgment on the part of engineers. The structural engineer must design for
both serviceability and safety and, at  t1e same time, satisfy architectural demands as well as
cconomic restraints.

Itis widcly recognized {1.2.3] that seismic code provisions underestimate the forces thal
can be introduced in a relatively rigid structure by a severe earthquake motion. A rational
design s not always a straight Torward task, Some of the biggest problems the engineer fuces
when trying to make 4 rational design are the uncertainties regarding the nature and magnitude
of setsmic disturbances, the characterist os ol building materials, the workmanship involved in
construction, and the realistic behavior ¢f structures, Furthermore the magnitude (intensity) of
forces that can be developed during a severe carthquake ground miotion are so high that  they
make it cconomically unfeasible to design structures that will remain elastic under all cir-
cumstances. It is then necessary 1o place reliance on the behavior of structures in their inelastic
range. Designers should take advantage of the potental ductility, energy absorption, and dissi-
pation capactties of structural members for the building 1o survive major ground mouons.

The current state of knowledge in inclastic design indicates that three fundamenta! charac-
teristics are required for the satisfactory behavior of a structure: stiffness, strength, and stable
hysteretic behavior with large energy dissipation capacity (large ductility under stable strength
and stiffness). In medium to high rise reinforced concreie buildings, these desirable charac-
teristics can be efficiently obtained by using combinations of structural walls with space frames.

Structural walls can provide structures under service loading with sufficient stiffness.
minimizing deformations and damage 1o nonstructural elements. Under severe excitations, they
can provide sufficient strength, energy ansorption, and dissipation capacities to prevent collapse
and loss of life. Despite considerable progress in earthquake engineering in the last few
decades, there are still many uncertainties in the prediction of the mechanical behavior of struc-
tures under severe seismic actions. paricularly in the case of wall-frame reinforced concrete
structural systems.

In order 10 carry out an adequate inelastic design of wall-frame R/C structural sysiems, it
IS necessary 1o estimate the carthquake energy input and then understand the manner in which
the system absorbs and dissipates this cnergy. It is also necessary to estimate  the deformation,
energy absorption, and energy dissipaticn capacities of the structural system.  Ideally all these
should be achicved by using basic principles of solid mechanics, starting from the mechanical
behavior of the structural materials. However with the present state of knowledge these are not
yvet possible to achieve with the rchiability and accuracy desired,  Further experimental and
analytical work s required to improve such knowledge.

1.1.1. State of the Art in the Modeling of Malterial Properties

The complete load-deformatior behavior ot concrete under stresses and strains that
can be developed under carthguake excitations is not clearly understood. Congcrete s 4 non-
lincar, strain-softening, discrete cracking material. Its properties change with the state of stress,
strain-rate and age {4].

Moreover, 1n order to obtain good hysterctic behavior (strength, ductility, and energy dis-
sipation) in carthquake resistant structures, it s neceessaryio reinforce and confine the concrete.
The use of confined reinforced concrete invelves understanding the behavior of reinforcing
steel, the behavior of confined concrete, the mechanisms of hond between concerete and steel
[5.6]. and the behavior ol cracked concrete, especially in regards to the shear transfer at the
cracks (aggregate interfock and dowel action). The mechanical characteristics of contined



concrele subjected 1o axial monotonic loading has been studied [7.8.9.], but more work is
needed in this area, particularly on the effect of cyclic load reversals, use of different malterials.
i.e. light-weight aggregate, and different confinement arrangements.

Some promising attempts have been made to formulate gencral constitutive relations for
concrete [10] using the endochronic theory of inetasticity and failure introduced by Valanis [11]
although its extenston to problems of cyclic loading and high shear niust await further develop-
ment.

In recent years the search for a constitutive refution for steel has received a good deal
of attention [6,12,13.14,15,16].  For most practical purposes, both monotonic and random
cyvelic stress-strain relations Tor reinforcing steel can be sufliciently and accurately formulated.

The bond-shp of reinforcing stecl and concrete requires further investigation, particu-
farly as it applics to oyclic Ioading. A review of the relevanl work to date was done by Popoy
{6l . who also recommended further studies on a number of parameters, including load ruate,
history of loading. har deformation paterns, and others,

Recent experimental work in this area [17.18.19.20.21,22] and subscquent empirical
formulae shed some hight on this matter, and further progress is expected.

1.1.2. State of the Art in the Modeling of Behavior Mechanisms for Structural Walls
The current state of knowledge in the mechanical characteristies of the three clements

concrele, steel, and bond slip, is reflecied in the progress achieved in the modeling of the
deformational behavior for structural walls

The flexural behavior of R/C members has been modeled with reasonable accuracy for
monotonic foading and low shear stresses, assuming hinear variations of strain along a section
and idecalized stress-strain curves for steel and conerete [1.23.24.25]. The implementation of
these results under high shear conditions and in predicting moement-curvature refations under
lond reversals has some limitations. Diagonal cracking under high shear conditions causes u
redistribution of stresses that afTects the curvature distribution along the wall. This generally
causes an inerease in the flexural deformations with respect Lo those obrained in a similar speei-
men subjected 1o the same flexural moment, but much lower shear stresses. While this effect
has been observed by other researchers. it has not been accounted for analyucally.

As s discused in detail in Refs, 11.24], in the case of fexurat structural clements sub-

jected Lo high shear because of residuad tensile cracks. when the load is reversed there is a tem-

porary reduction in the moment of inertia. This leads o a deercase in stiffness and a pinching
effect is observed in the moment-curvature diagrams. This effect starts 1o dissapear when, afier
increasing the load. the cracks gradually close. Shear slippage 1 the direction parallel to the
crack plane causes the irregular crack surfaces to contact. This in turn causes an increase in the
fexural stiffness over that predicted by certain analytcal models that have attempted to include
the effect of crack opening in predicting the observed reduced stiffness. The possibilily of sta-
bility problems because ol wall slenderness and reinforcement detailing must be considered.
Such problems arc particularly likely i1 the case of damaged structures where large residual en-
sile cracks in the concrete and Bauschinger effects on the reinforcement cause a reduction in
the effective E@ of the region that could result in instubitity,

The prablem of determining the effects of flexure mn the shear resistance and shear defor-
mations remains a diflicult one. Opening of flexural cracks causes a significant drop in the con-
tribution of concrete to shicar stiffness and strength. Because of the targe number of flexural
cracks, and the juggedness of the crack surfaces, this effect is hard to quantity anatytically. The
interaction of flexural and shcar mechanisms, the effect of bond on cracking. aggregate inter-
locking and dowel actions, and the c¢ffect of reversals must all be considered n o« complete
model [24].

The deformational behavior of walls with a dominant shear mechanism has been
modeled for monotonic loading by a  finite element program developed by Wang, et ul.,
accounting for tensile cracking [11. Although reasonable agreement is observed in the initial



.3-

portion of the force-deformation diagram before yield, the latter portion indicates an overesti-
mation of the strength and an underestimation of the deformation.

Ma, et al, [24] developed a model capable of adequately predicting the shear degradation
which occurred at the initiation of load reversals at a displacement ductility of one, but was not
able to account for the degradation of the shear resistance elements, i.e. aggregate interlocking,
tie resistance across cracks, and dowel a:tion of the main bars, at larger displacement ductilities.
Bazant and Bhat [26] have applied the newly developed endochronic theory of concrete for
predicting moment rolation and force deformation curves with promising results. They
accounted for the shear strains producing volume dilatancy and transverse stresses and strains,
and they used a fixed shear transfer factor o (originally introduced by Suidan and Schnobrich
{271). Tt is questionable, however, whether this assumption can be applied successfully to
predicting behavior of elements under h gh shear.

Cervenka and Gerstle [28] and Darwin and Pecknold [29] have also used the nonlinear
finite element approach to study the behavior of R/C structures. They have obtained good
analytical agreement with the experimental results for two shear panels whose behavior was
controlled by tensile steel. Their results show the importance of modeling the axial stress-strain
behavior of steel and concrete, and the need to account for the concrete tension cracking,
Further studies are needed before the results can be applied under high shear conditions.

1.1.3 State of the Practice in the Design of Structural Walls

In designing structural walls the designer needs to know which is the maximum possible
shear that can be developed, and what is the pattern of seismic forces that causes the maximum
shear-moment ratio. The designer also needs to know which are the critical regions so as to
avoid the premature flexural behavior deterioration and failure due to shear.

In determining the shear force the UBC-73 code [30] uses the expression:
V=ZKCW (1.1

where:

V is the base shear for the structure, Z is the seismic zone coefficient, C is a numerical
coefficient specified in Section 2312 (d).} of the code, W is the total dead load as defind in Sec-
tion 2301 of the UBC, and K is a numerical coefficient as specified in Table No. 23-1 of the
code, as a function of the type and arrangement of the resisting elements.

The K coefficient was introduced in the 1959 SEAC recommendations [31]. The vatue of
K ranges from 0.67 to 1.33, as a function of the available ductility of the structural system. All
other things remaining equal the code specifies that: a framed structure satisfying requirements
for ductile moment- resisting frames will have to be designed for a base shear computed on the
basis of K = 0.67; a dual frame-wall structure will have to be designed for K = 0.8; and a box
structure is required to be designed for K = 1.33 which is a 100% increase over the base shear
specified fo a ductile moment-resisting space frame structure. The SEAOC recommendations
[31] justify these K values stating that shear walls lack high ductility. As shown in Ref. [11,
structural wall systems can develop large ductilities, comparable to those in framed structures.
Furthermore, the nonlinear behavior of structural wall systems is better than that of framed
structures, where partial collapse mecharisms can take place with the energy being absorbed by
only a few hinges. A wall-frame system. on the other hand, properly designed, can offer much
more energy absorption capacity.

While the 1976 UBC code [32], and the 1974 SEAOC [33] maintain the same values of K
set in the 1959 SEAOC [31], the new ATC recommendations [34] present some change. The
design base shear is specified as:

V=CygW (1.2)

where Csis a factor which is a function of, among other things, 1/R. The ATC specifies a value
of R = 8 for wall-frame systems, R = 7 for ductile space frames and R = 4.5 for bearing wall
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systems where the lateral resistance is provided by reinforced concrete shear walls. In other
words, the ATC recommendation (which have not been introduced in the codes yet) imply a
bettler seismic performance for wall-frame systems than that of reinforced concrete ductile space
frames, but consider box systems to have a relatively poor nonlinear seismic performance.

As mentioned before, it is widely recognized [1,2,3] that seismic code provisions underes-
timate the forces that can be introduced in a relatively rigid structure by a severe earthquake
motion. This fact, together with the desire to prevent structural failure, dictates the need to
provide structural walls with a shear capacity greater than the maximum shear that could be
developed with the available moment capacity. For this reason, it is most important to deter-
mine as accurately as possible, or at least in an approximate but conservative manner, the
flexural capacity of the critical wall cross-section and the effective shear span of the forces act-
ing on the wall.

The codes tend to underestimate the sections’ flexural strength by: using specified
strengths of materials, a reduction factor ¢=090, neglecting the increase in steel strength
because of strain hardening and the actual concrete strength which is generally higher than the
specified f7,.

The M/V ratio, computed according to the code assumptions {(which do not account for
the effect of the higher modes of vibration in a proper way and neglect the effect of the non-
linear structural response) tends to be overestimated.

The codes compensate in some way for this situation, by specifying higher factors for the
forces used in designing members for flexure. The UBC [30] specifies the earthquake forces E
to be multiplied by a factor of 2.8 when designing for shear (rather than 1.4 E specified when
designing for flexure). This factor is further increased dividing it by ¢=0.85. The ACI 71 and
77 codes [35,36], specify 1.4 E {same as for flexure) with ¢=0.85 and the ATC recommenda-
tions specify specify 1 E with ¢¢=0.6 which gives an end resuit similar to the ACL

Although these factors (particularly those in the UBC 73 [30]) could be sufficiently high
to compensate for the underestimation of the actual shear that can be developed in the critical
regions of certain wall structures, in general they do not represent a sound design philosophy
and can lead to considerable underestimation of the actual shear forces developed in extreme
earthquakes. A more logical design philosophy is to design against shear according to flexural
wall capacity and largest expected shear-moment rtatio. This would be consistent with the
present code philosophy of ductile moment-resistant space frames. Better understanding of wall
behavior will facilitate the implementation of these procedures.

1.2 Objectives and Scope
Experimental and analytical objectives were considered.
1.2.1 Objectives of the Experimental Research Program

The experimental program focused on the hysteretic behavior of walls. The effect of the
following parameters was studied:

1. Rectangular hoop confincment for the columns rather than circular spiral confinement
as used in Ref. [1].

2. Walls having a rectangular cross-section with embedded columns rather than framed
walls (barbell-shape) in which the boundary elements protrude from the surface of the
wall panel.

3. Different moment-to-shear ratios.

4. Monotonic and cyclic load programs, and

5. Repair Procedures
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The characteristics of the hysteretic behavior studied were: stiffness, strength, ductility, the
contribution of the different mechanisms to the overall deformation, the energy dissipation
capacity and modes of failure. Also studied were the variation of the critical damping ratio and
the frequency characteristics of the wall at different levels of damage.

The experimental program consisted of testing four three-story wall specimens similar to
those reported by Wang in Ref. [1]. The specimens represented the lower portion of the shear
walls of wall-frame structural systems of a ten- and seven-story building. The experiments
simulated, in a pseudo-static manner, the dynamic loading conditions which could be induced in
subassemblages of buildings during actual earthquake shaking. After incipient failure, all the
specimens were repaired and retested. Free vibration tests were conducted on the specimens,
first undamaged and later at different stages of damage.

An additional experimental investiga:ion was carried out to study the longitudinal stress-
strain relation for the hoop confined concrete of the boundary elements in the framed walls and
is reported in detail in Ref. [9].

1.2,2 Analytical

The analytical work includes the detailed interpretation of the experimental results. These
results are compared with theoretical values predicted by the code and different analysis
methods.

Analytical models for the behavior of structural walls under high shear stresses are
presented. These models consider a breakdown of the overall deformations into threc com-
ponents: flexural, shear, and fixed end deformations.

In the flexural deformation model, a finite element technique is used. A concrete model
developed by de Villiers {37], based on Bazant and Bhat’s work on the endochronic theory 261,
was chosen for this purpose. This model can adequately represent the behavior of confined and
unconfined concrete under axial compression, and the stress redistribution after tensile crack-
ing. The element as written by de Villiers has the major limitation of not being able to account
for the shear slippage along the tenstle crack surfaces. This limitation is important when there is
4 significant contribution of shear deformation as is the case in the walls tested. Also the con-
stants for the application of the endochroric theory to concrete, as determined by Bazant and
Bhat, were not adequate for the case of hoop confinement of the type used in experiments.
These limitations were overcome by moditying the confined concrete stress-strain relations on
the basis of the work described in Ref, [9].

The shear deformations were accounted for with a multilinear model in which the wall
behavior at different stages (uncracked, diagonally cracked, and yielding) was defined under
monotonic loading. In the latter part, the interaction with the tlexural mechanism was found to
be important and was included in the model. The fixed end deformations, which in the case of
the specimens tested is rather small, were azcounted for with a simplified bond slip model.

The possibility of extending the models to the case of cyclic loading was also investigated.
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2, TEST SPECIMENS

2.1. Prototype Buildings

The idealized prototypes adop:cd in this investigation are shown in Figs. 2.1 and 2.2.
A ten-story and a scven-story building were designed having similar floor plans. The buildings
are symmetric with respect to both directions, thus minimizing the seismic torsional forces, and
include four walls along the E-W direction and two walls along the N-S direction.

The use of only two walls in one direction is not desirable because the failure of one
could bring about the collapse of the s:ructure. The use of a greater number of walls would
minimize this possibility. For this reason the All code specifications [38,39) require a
minimum number of four walls. Only 'wo walls were used herc in order to obtain the largest
story shcar per wall.

In this study, the walls of the ten-story building have protruding boundary elements with
rectangular hoop rather than the spiral confinement used in Ref. {1]. Since one of the objec-
tives of the experimental program was to induce high sheur stresses in the walls, in order to
maintain the same high shear stresses as those in the framed wall structure, a seven-story build-
ing was designed with rectangular walls. In a rectangular wall, the moment-to-shear capacity
ratio is generally lower than in a framed wall. Thus, a shorter building with a lower moment-
to-shear ratio acting on the walls will have shear stresses of magnitudes similar to those induced
by secismic shaking in the walls of a ten- story bhuilding.

2.2. Design of Prototype Buildings

The design of the prototype buildings was done according 1o the provisions of the
1973 UBC [30]. The buildings were assumed 1o be located in Scismic Zone Number 3. and the
horizontal force factor, K, was obtained “rom Table No. 23-1 of that code as 0.8. The material
properties were specified as:

’

o= 414 MPa
foo= 27.58 MPu

2.2.1. Ten-Story Prototype

Estimation of the weight of this building, together with the design of the wall panel, is
presented in Ref. [1]. Item 2 of Table 23-1 of the code requires that the walls resist the total
lateral force, acting independently of the ductile moment-resisting portions of the space [ramc.
This load condition produces the maximum momeni and shear at the base of the wall,and is the
one used here.

{a) Wall Panel

The shear and moment diagrams for a single N-§ wall when subjected o the factored code
forces are shown in Fig. 2.3. The panel designed according to Section 2627(a) of the 1973
UBC has a thickness of t = 0.306 m. The horizontal wall dimension /. was selected as 7.164
m, and a double layer of #6 bars spaced vertically and horizontally at 0.230 m was used. The
panel steel ratios are

py = p, = 0.0082

{b) Boundary Element

According to Section 2627(c) of twe 1973 UBC, vertical boundary elements should be
designed to carry all the vertical loads resulting from the specified horizontal earthquake force,
plus the tributary dead and live loads.



1) Tension

Py 14E — 09D 2.1)

& ¢
where the factar ¢ for axial tension is 0.9 (UBC Section 2609[c]), and E is the earthquake load
including torsion effects.
From Figs. 2.1 and 2.3:

- 04386 AN—m  _ )
E = Uaeaorm ~ TBIKN

P (L4 (7189) — (0.9)(3263) _ .
s " a9 = 7920 kN

Using eight #18 bars:

P
?“ = (414 kN/mm?) (8) (2605 mm?) = 8628 kN

2) Compression

_2,_ _ LAE +¢,D + L) (2.2)
where the factor ¢ for the column in axial compression with hoop confinement is 0.7. Thus:
% . 147189 +;263 +329) _ 51562 kN
Using 2 0.762 m x 0.762 m column with eight #18 bars:
P, = A, —A)f + ALf] (2.3
= {(580644 — 20840) (.85)(27.58) + (20840) (41411107 kN
= 21751 kN

and the longitudinal reinforcement ratio is taken as:

p = 0.0353

3) Transverse Reinforcement

The design of the transverse reinforcement was carried out according to URC rcquire-
ments and is described in Ref. [9]. The code requirement can be satisfied with the use of a
double hoop of #4 bars with 102 mm spacing; the hoop arrangement for the model is shown in
Fig. 2.4 (b) and yields:

p" = 0.0154

2.2.2. Seven-Story Prototype
According to Eqgs. 14-3, 14-2, and 14-1, in Chapter 23 of the UBC and the dimensions
shown in Fig. 2.2:

0.05 i, _ (0.05)(66)

= = = 0422 sec 2.4)
7D T sec (
where #, and D are in feet.
C = Qﬁ = 0.066 (2.5
Tl,fJ
Vo= ZKCW = (1)(.8)(.066){60233) = 3180 kN (2.6)

{The estimation of the total weight of building W is given in Table 2.1.)
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According to Section 2314(g) of tie UBC, the walls should be capable of resisting a tor-
sional moment: ’

M, = (0.05)(54.9)(3180) = 8730 kN—m

In order to estimate the shear force that the torsional moments cause in the walls, it is
conservatively assumed that all the torsional moments are resisted by the N-S walls alone:

8730

27 - 1794 kN

total base shear per wall = %—(3180) +

where 42.7 m is the distance between the walls.

This assumption is conservative in that it neglects the contribution to the torsional resis-
tance provided by the E-W walls and the columns. But the evaluation of the torsional moment
according to the code assumptions will underestimate the torsional moments that would take
place when one of the two N-S walls reaches vielding. The distribution of the total base shear
along the height of the wall is in accord with Eqs. 14-4 and 14-5, Chapter 23 of the UBC. Fig-
ure 2.5 shows the lateral earthquake forces including torsion, multiplied by the load factor 1.4.
The base axial force appears unfactored because it is believed that, during severe earthquake
ground shaking, the probability of an increcase of 1.4 in either the vertical live or dead load
existing on the building is very small. The effects of the vertical component of the acceleration
were not accounted for,

{a) Wall Panel
From Scction 2627(a) of the UBC, when calculating the shear stresscs in shear walls of
buildings without a 100% moment-resisting space frame, the following factors should be used:

V. 0®E :
U = s = 085 3.294 £ Q.7

This shear load Factor is twice as arge as that required for flexure, and it is intended lo
prevent undesirable, brittle shear failure,

The code does not account for certain realistic factors, such as: 1) The effects of the
frame-wall interaction and of higher modes in the dynamic response, which can lower the
effective shear span in the wall (4, 'n Fig. 2.5). 2) Higher yielding strength and strain-
hardening of the reinforcing bars, and concrete strengths higher than those specified in the
design, which can increase the shear introduced in the wall. (This increased shear is compen-
sated for by an increase in the shear caracity of the wall). The code also neglects the deteriora-
tion of shear strength due to shear reversals. Since all these factors may contribute to the pos-
sibility of brittle shear failure, the 3.294 overall shear load factor may not be conservative in all
cases.

1) Wall Cross Section
Using a (.343-m thick wall panel, the effective depth, d, of the wall is taken to be 0.8 /. :

d = 081, = (0.8){7.239) = 5.791 m (2.8)

and the shear stress is:

Lo e (3.294)(1.794 MN) (2.9)
“ bhd (0.343 m)(5.791 m) '

=2.97 MPa = S7-//. MPa = (683 \/f psi)
(< 107 psi)

Thus, the 0.343 m thick panel is acceptable.
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2) Horizontal Wall Panel Reinforcement
Using Eq. 11-33 of Section 2611 of the UBC

N,
025+ (.2)(ﬁ)

< " ]
v & 064/ + v 3 (2.10)

v 2

i

where /7 is in psi, /, and h are in inches, M, is in Ib-in., V, is in Ib, and, according to Section
2611(gh: N, = 0.
285[(1.25)(63.24)]

224941 285°

403.32 2
v, £ 923 psi

< 38 +

Using UBC Eq. 11-32:

N
< = t
v, € 3.3/ + —-—4/“/] (2,11

v, & 208.7 psi
According to Section 2611(q):
b€ F = 1265 psi (=0.872 MPa)

Therefore, the nominal permissible shear stress carried by steel (v} is :
Vo= oy, o (2.12)
= 297 MPa — 0872 MPa = 2.1 MPa

Using #6 bars in a double layer:

4./, (568min?) (414 MPua)
—EL o 222 s~ 326 2.13
v b (2.1 MPa) (343 mm) e (2.13)
Thus, a spacing of s = 305 mm can be used, and:
568
= 22— 0,005
P = Ganos - 000

satisfies the requirement of p, = 0.0025 from UBC Scction 2611 (¢).
3) Vertical Wall Panel Reinforcement

According to Eq. 11-34, Section 2611 (e}, the vertical sheuar reinforcement shall be:

p. 2 0.0025 4+ 0.5(2.5 — —I’l)(,,,, —0.0025) = 0.0021 (2.14)

or:
P, = 0.0025 (2.15)
but p, need not be greater than p.

According to the SEAOC {331, however, the value of p, shall be the same as that for g,
(b) Boundary Elements

The columns cmbedded in the edges of the wall were designed according to Section

2627(c} of the UBC.
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1) Tension
From Eq. 2.1:
P, (14)(3970) — (0.9(2272)
ol 09 = 3903 kN
where
3970 = 35585 kN—m (Fie. 2.4)

1.4 (6.401 m)

Using four #18 and four #14 bars (required by compression):

P
-E‘L = (.141 |[(4)(2605) + (4)(1552)| = 6883 kN

2) Compression
From Eq. 2.2

P, 1403970 + 1272 + 218) _
ol 53 — 12920 kN

Using a (0.838-m x .343-m) column with four #18 and four #14 bars, from Eq. 2.3

P
7¢)‘—’ = [(287434 — 15632)(0.85)(27.58) + (16632)(414)]1(107%)
= 13234 kN

The column dimensions should satisfy Section 2626(f) of the UBC; thus:

Tb; — 0409 > 04 (2.16)

and

p = 0.0567 < 0.06 (2.17)

3) Transverse Reinforcement

According to Section 2626(l) of the code, the design of the transverse reinforcement can
be computed by:

An = 035,14 S| A 1 (2.18)
2 035, b — |-~ .
sl ] ,/,-/, A(/,
A
A, = 0125, i o (2.19)
Jyvh

According to the above formulae, ‘or 102-mm spacing: from Eq. 2.18
Ay, = 23.22 mm?
and from Eq. 2.19

A, = 22518 mum®  (this controls)

Because Section 2607(m)3 requires the use of at least #4 deformed bars for stirrup, and
the area of the #4 bars is 129 mm?, hoops of #4 bars with 102 mm spacing are used. Section
2607(m)3 of the code also siates that the ties shall be arranged such that every corner and
alternate longitudinal bar is laterally supported by the corner of a tie having an angle of no
more than (3/4) radians and that no bar is further than 152 mm from such a laterally sup-
ported bar. The arrangement of the hoops for the model is illustrated in Fig. 2.6 (b).



-1~

2.3. Selection of Test Specimens

The selection of the model scale and basic subassemblage for the test specimens is ela-
borated upon in Ref. [1]. The dimensions of the specimens correspond to one-third the dimen-
sions of the prototype. The dimensions of the specimens and the details of its reinforcement
are shown in Figs. 2.4 and 2.6.

Since there is no one-third scale reinforcing bar equivalent to the #14 bars used in the
prototype, nine #5 bars were used in the rectangular wall model. The model columns therefore
have p=0.0557 rather than p=0.0567 computed for the prototype. Gage No. 7 undeformed
wire with a diameter of 4.5 mm was used to model the #4 column transverse reinforcing steel
of the prototype, yielding p"'=0.0184. The wall design parameters are summarized in Table 2.2.

2.4. Mechanical Characteristics of Materials

2.4.1. Steel

The specified yield strength of steel was 414 MPa. In order to obtain homogeneity in the
material properties, bars of similar size were purchased at one time and from the same heat.
The actual material mechanical characteristics are summarized in Table 2.3 and shown in Figs.
2.7-2.13. The stress-strain relations shown in Figs. 2.7-2.12 were oblained from tests on rein-
forcing bars used in the model. These tensile bar specimens were not machined. The strains
were recorded along a 51 mm gage length using linear variable differential transformers
(LVDT’s). At the initiation of steel necking the LVDT’s were removed to prevent damage to
the equipment. The tests were then continued until the tensile specimens were ruptured. e, is
the residual strain measured along the initial 25 mm gage length where rupture took place.

The stress-strain relation shown in Fig. 2.13 was obtained from tests on machined bar
specimens. In order to delay buckling, the specimens in compression had a length-to-diameter
ratio of 3-t0-1. Comparing Figs. 2.13 and 2.10, it can be seen that the machined bars have a
higher strength after vield. This agrees with Ma et al.’s observations [24]. Figure 2.13 also
shows that, in compression, the yielding strength is 11% higher than in tension, and that the
stresses are higher for strains beyond the strain-hardening level. These results are consistent
with other experimental data [20,40].

It can be seen that the stress-strain relationship for the Gage No. 7 wire (Fig. 2.7) used to
model the lateral reinforcement in the columns differs significantly from the typical stress-strain
relationship of reinforcing bars. This is because the wire strain-hardened during fabrication.
Another significant violation of the similitude law is that the wire used had no deformations
resembling those of the #4 bar in the prototype.

2.4.2. Concrete

The specified strength of concrete was 27.58 MPa; the actual mechanical characteristics
are shown in Table 2.3 and Fig. 2.14. The concrete mix proportions are shown in Table 2.4,
Although the 28-day compression strength was close to the specified value, at the time of test-
ing the concrete compressive strength for the original specimens varied from 32.4 MPa to 38
MPa. This variation was due to the different ages at the time of testing. The concrete mix pro-
portions are shown in Table 2.4

The confined concrete in the boundary elements of the framed walls was the subject of a
detailed investigation reported in Ref. [9]. An empirical relation developed in that reference
takes into account the increase in the concrete’s strength and ductility because of the confining
effect of the hoops and the longitudinal reinforcement.

The specimens were repaired by removing the damaged concrete in the first floor panel
and columns, and by pouring a mix with high cement content in order to obtain an carly high
strength and to complete the tests in the shortest possible time. The concrete strength in the
repaired sections varied frem 45.8 MPa to 51.7 MPa.
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2.5. Fabrication of Specimens

The specimens were cast story by story in their vertical position as explained in Ref. [1].
Figure 2.15 shows the framed walls during construction, and Fig. 2.16 is a close-up photo show-
ing details of the reinforcement for the panel and boundary elements of the rectangular wall.

In the framed wall specimens, in order to facilitate repair, #2 bar dowels were left embed-
ded in the columns and the slabs around :he first story pane!l (Fig. 2.17).

The fabrication of the columns with hoop confinement required significantly more effort
than the columns of Ref. [1] with spiral confinement. Each hoop had to be fabricated by hand.
In order to provide a good lateral restraint for the longitudinal bars, very tight tolerance
requirements (+ 2.5 mm) were specified for the hoop dimensions.

2.6. Repair and Strengthening of Specimens

Damage to the walls was concentrated on the first story. It included crushing of the con-
crete in the panel, buckling of the wall and column reinforcement, and, after rupturing of the
confining reinforcement, crushing of the concrete in the column under compression and shear.
Damage also included large residual tensile cracks, especially in the boundary elements.

The strengthening and repair procedure included increasing the moment and shear capa-
city of the first floor so that, when retested, most of the damage would occur in the second
story. This would prevent excessive ductility demands in the first floor panel, which had
already been subjected to very high strain levels.

The strength capacity of the first storv of the models was increased by placing some addi-
tional longitudinal reinforcement in the first story, considering that:

realistic moment requirements at foundation level
realistic moment requirements at first floor level

1.368 for framed wall {from [1])

1.442 for rectangular walls (from Section 3.2)

In order to displace the critical secticn of the wall to the second story, and considering
that the column and some of the panel reinforcement in the second story has already been
strain-hardened, the moment capacity of th2 first story had to be increased by at least 37% and
44% for the framed and rectangular walls, respectively, and the shear capacity should be
increased by at least the same factor.

As a consequence of this sirengthening of the first story, the second panel will be sub-
jected to a lower M/V ratio, this will increase the shear demands in that panel. It was con-
sidered of interest to observe the behavior of the panel under this lower M/V ratio, because as
shown in [1] during the nonlinear response of the structure to a realistic earthquake, the actual
M/V ratio could go below that indicated by the linear elastic analysis used as basis for the tests
(Section 3.2).

Assuming that the external moment is carried by the boundary elements using two addi-
tional #8 bars with 4, = (2}(507) = 1014 mm?, the ratio of this additional area to the origi-
nal steel in the models is:

1014 ,

1316 0.438 > 0.368 for framed walls
1014
1787 0.569 > 0.442 for reciangular walls

The shear capacity can be increased by increasing the thickness of the repaired panel. Casting
new 50-mm and 75-mm thick panels (increasing the total thicknesses to 152 and 189 mm), the
ratio of this additional thickness to the original thickness of the panel cross-section is:

50

102 = (.49 for framed walls
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T 0.657 for recrangular walls

In this way the increase in the shear capacity is larger than the increase in the moment capacity

and

0.490 > 0438 for framed walls

0.657 > 0.569 for recrangular walls

The repair procedure was carried out in the following steps:

Removal of the damaged concrete in the panel, and removal of the c¢olumn concrete that
had been crushed or showed large residual tensile cracks.

Straightening of the buckied column bars (Fig. 2.18), and restoration of the original wall
geometry. Since some of the reinforcement had large residual tensile deformations, and
some of the lateral reinforcement in the column had to be replaced, the column longitudi-
nal bars were cut and shortened, and new lateral reinforcement was placcd where needed.

Welding of new panel reinforcement. In the framed walls panel reinforcing bars were
welded to the dowels left in place for that purpose. In the rectangular walls they were
welded to the old panel reinforcement.

Lap splicing of the column lfongitudinal reinforcement, and welding of additional longitu-
dinal reinforcement o increase the moment capacity of the section (Fig. 2.19).

Casting of new concrete. To accelerate the test schedule, it was desirable 10 obtain an
carly high strength. It was also important to prevent, or at least minimize, the shrinkage
cracks in concrete. To obtain an ecarly high strength, a concentrated mix Chigh cement
content per cubic meter of concrete) was used, although there were some inconvenicnces
with its use. As one example, the high temperature developed in 4 concentrated mix can
produce cracks. To control this, crushed ice was used with water to keep the mix at
approximately 180"C. A high cement conient mix will atso tend to shrink; this required
the use of a low water-cement ratio, with high density aggregate (Table 2.4). and curing
was carefully done, keeping the concrete moist.
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3. LOADING CONDITION OF WALL SPECIMENS, EXPERIMENTAL SET UP, AND
TEST PROCEDURE

3.1. General

In order to check on the validity of the maximum shear stresses allowed by the codes, it
was considered of particular interest to subject the specimen to the highest shear forces that
could be expected in a severe earthquake ground motion.

3.2. Parameters Contributing to Shear Failure

It is well known that the shear developed in a structural member or system during
extreme earthquake ground motions, depends upon the flexural strength capacity built into the
structure. Therefore there are several factors that contribute to a brittle type of shear failure
which are not explicitly considered in the code specifications. These can be classified in three
groups:

1. Factors which cause an increase in the moment capacity and, consequently, an increase in
the shear force that can be developed by the section.

2. Factors which reduce the moment-to-shear ratio for the lateral forces acting on the wall,
S0 as to increase the shear required to produce the flexural (bending moment) strength at
the critical section (region).

3. Factors that can reduce the shear strength capacity.

In the first group are included:

(a) Realistic stress-strain diagrams for the reinforcing steel. These show that the max-
imum stress level that can be developed in a steel bar is of the order of 60% above the specified
yield strength of the bar (Figs. 2.8-2.13).

(b) Vertical web reinforcement in the shear wall. This reinforcement increases the
flexural capacity of the section.

(¢) Axial force in a flexural member. In a shear wall, for example, compressive axial
forces cause an increase in its flexural capacity because usually the axial load acting on the
member is smaller than the balanced load [1].

(d} A value of f, higher (e.g. 35 MPa) than specified (say, 27.58 MPa) generally results
in reinforced concrete structural elements of higher strength than that intended (this effect will
be compensated by an increase in the concrete shear capacity of the wall).

The second group of factors include:

(a) The effect of higher modes of vibration in the response of a structure to a realistic
earthquake motion.

(b) The interaction of the frame and wall systems [1].

(c) The nonlinear response of a real structure, particularly the reduction of stiffness in
the lower story [1].

In the third group it is necessary to consider:

(a) The effect of the axial tensile forces which is partial because they also reduce the
moiment capacity.

(b) The effect of loading reversals. Under reversals of load, there is a drop in the shear
capacity of the R/C member [41,42].

3.3. Critical Loading Condition of Walls

For a fixed ultimate moment capacity, the critical loading condition of the wall is that
which induces development of the highest shear stresses. The loading condition used for the
wall of the ten-story prototype was taken from Ref. [1] and is shown in Fig. 3.1, together with
the condition specified by the code. The critical loading condition employed corresponds to the
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elastic analysis of the structure subjected to the ground accelerations of the 1940 El Centro
earthquake. A realistic nonlinear analysis would give a more severe loading condition, i.e.
smaller effective shear spans. But, in order to facilitate comparison of the results with those
obtained in Ref. [1], a loading condition similar to that used there was adopted.

For the seven-story prototype, analyses were performed with the compuler program,
TABS [43]. The results are shown in Fig. 3.2. The critical loading condition employed is
shown in Fig. 3.2 (ii) and corresponds 1o the ground motion of the San Fernando earthquake.
The simplified loads t¢ be used in the test were normalized (o the ultimate moment capacity
obtained using the computer program, RCCOLA [23]. The axial forces in the walls (Figs. 3.1
and 3.2) were obtained from the TABS analysis and kept constant. Note that the wall axial
forces shown in Figs. 2.3 and 2.5 and described in Section 2.2 were obtained assuming the walls
carried the loads corresponding to their tributary areas (6.1 m x 12.501 m).

3.4. General Setup

The general lest setup is shown in Fig. 3.3 and elaborated upon in Ref. [1]. The two
smaller lateral jacks (667 kN) were used only in the tests of the models with rectangular walls
corresponding to the seven story building. In this shorter building, the shear in the lower
three stories is not constant. The moment distribution in the lower three panels of the struc-
tural wall is not linear and is better represented by a trilinear moment diagram (Figs. 2.5 and
3.2).

3.5. Specimen Instrumentation and Data Acquisition System

With some minor differences from specimen to specimen, the instrumentation was similar
to that used in the previous investigation {1}, and is shown schematically in Figs. 3.4 and 3.5.
Continuous plots were made of chosen data acquisition channels by means of X-Y and X-Y-Y’
recorders. Sequential records of all channels at short time intervals were made by means of a
low-speed data acquisition system for the first two tests (tests number 3 and 4 in Table 2.3{b).
A new high-speed data acquisition system was employed for all the other tests,

Photogrammetric readings were made at the initiation of the tests, and at selected load

points during the load cycles. The gridlines used are shown in Fig. 3.6 and 3.7. In addition,
photographic records were taken with 35 mm cameras.

3.6, Testing Procedure and Loading Sequence

The testing procedure used in the earlier investigation [1] was repeated, and similar load-
ing sequences implemented. When testing each pair of wall specimens, one was subjected to a
monotonic load program, and the other underwent cyclic loading. After repair, the specimens
were retested. the specimen originally tested under monotonic loading was subjected to cyclic
loading, and vice versa. In this way, it was possible to keep the total number of shear reversals
similar in both specimens.

Free vibration tests were performed on the specimens in their undamaged state, afler
reaching a ductility level of 3, and after failure. The initial displacement was induced by either
a hammer blow or by introducing an initial displacement at the top of the specimen - pulling it
with a cable, and suddenly releasing it (snap test).
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4. EXPERIMENTAL RESULTS

4.1. General

A total of eight tests were performed on four structural wall models, these are
enumerated in Table 4.1 together with the main experimental results. The main experimental
data obtained are reported in this chapter. Some additional experimental results are presented
in Chapters 5 and 6.

Because of the large amount of data involved, the data reduction process was automated
whenever possible. Computer programs were developed to plot the scanner data points, and to
handle the photogrammetric data.

There is some repetition in the test procedures and results from specimen to specimen,
The analysis and interpretation of the experimental results is done in detail in the next chapter.
Most of the present chapter should then be regarded as backup material for the ones to come.

The hysteresis diagrams presented in this chapter are functions of the total base shear V.
Due to the lateral movement of the specimen, the nel axial force on the columns has a hor-
izontal component A ¥, acting on the specimen as shown in Fig. 4.1. Although the direction in
which V., , ; is applied does not remain horizontal during the test, the corrections were negli-
gible. The total base shear in the framed wall specimens is then

V = V3 + AV3 (41)

In the case of the rectangular walls, two additional jacks (Fig. 3.3) introduced lateral
forces at the first and second floor levels (¥,and ;). The total base shear in these walls is
then:

Vo= Vi + Vy+ Vi+ AV, (4.2)

4.2. Free Vibration Tests

The results of the free vibration tests are shown in Table 4.2. The fundamental period of
the specimens was measured under three tvpes of excitations: (1) ambient vibrations {with peak
accelerations of the order of 7x1077 g); (2) hammer impact using a 7 kg hammer; and (3) pull
and sudden release (an initial tip displacement was introduced by pulling with a #4 reinforcing
bar attached to the specimen and a pulley set up, introducing a force of approximately 50 kN).

The measured frequency consistently decreased with the maximum ductility level and
with the number of cycles beyond vield level reached previously. The reduction was of the
order of 50% for & = 3. This can be attributed to the deterioration in stiffness due to the
opening of cracks in concrete.

The critical damping ratio was computed from the decay in the accelerograph records. In
the virgin specimens the critical damping ratio ranged from 0.0183 to 0.0261 for excitation type
(3), with an average value of 0.022. These values are in general agreement with those obtained
by other researchers [1,44] and those recommended in practice [45,46]. Damping increased
after the specimens underwent vield deformations, and changed at different levels of damage.
The values, however, were generally higher than those for the virgin specimens. Larger ampli-
tude cycles usually resulted in higher damping values. This can be attributed to energy dissipa-
tion along the cracks.

The results obtained in these tests cannot be directly extrapolated to a real structure for
the following reasons:



1. When performing the free vibration tests, there was no axial load on the specimens. In a
real structure the axial load would decrease the opening in the horizontal cracks. Smaller
crack widths would tend to close earlier, increasing the stiffness of the specimen.

2. Structural walls are only one element of a structural system. The dynamic characteristics
of a real structure are also affected by the frames, the nonstructural elements, and the soil
conditions (soil-structure interaction).

3. The amplitude of vibration in a structure subjected to a strong ground motion is larger
than that used in a free vibration test. Thus, the dynamic characteristics of a structure
subjected to a strong ground motion will also differ.

4. Realistic testing is hard to achieve with a scaled model. The damping characteristics
appear to be very sensitive to the crack widths, and it is questionable that the use of
scaled down aggregates is enough to obtain an equivalent damping effect.

Realistic testing would require the use of full or large scale models, in which the effect of
axial loads, non structural elements etc. is accounted for. The use of tforced vibration excita-
tions would allow large amplitude displacements to be reached.

For these reasons, the data obtained provide insight on the dynamic characteristics of
structural walls, and their variation with the damage state, but the actual dynamic characteristics
would be different in a real structure.

4.3. Pseudo Static Tests

The main experimental results (mostly in the form of hysteresis loops) are presented in
this section. A detailed analysis and discussion is given in Chapter §.

4.3.1. Virgin Framed Wall Subjected to Monotonic Loading (Specimen 3)

This specimen was subjected (o the joading program shown in Fig. 4.1. This loading pro-
gram is similar to that used in Ref. [1]. The main force deformation diagrams are shown in
Figs. 4.2 - 4.5,

LP 0-16 Gravity loads of 434 kN (Fig. 3.1) per column were gradually applied to the
specimen. Loads in both vertical jacks were maintained within a 45-kN diffcrence so as to avoid
unbalanced moments. Small lateral load cycles (+ 45 kN) were applied for checking the load-
ing and data acquisition systems. This load was small enough sc as not to cause any cracking
or permanent deformations.

LP 16-32 The specimen was cycled at a lateral force level of 222 kN, the load at which
the first tensile crack in the south column was observed. (The north and south directions for
the specimen are defined in Fig. 3.3. The north direction is taken as positive for all tests). The
overall displacement for these cycles was 2.3 mm.

LP 32-77 The lateral load was increased monotonically to the north. At a load of 311 kN,
corresponding to a nominal shear stress of v,, = 0.267 \//. the first hairline diagonal cracks
observable to the eyc appeared in the pancl.  The outermost tension bar in the column reached
yielding strains at the top of the first story, with a load of 761 kN and a third floor displace-
ment of 12.2 mm. The same bar yielded at the base of the first floor when the load rcached
800 kN and the third floor displacement reached 13.5 mm. The reason for the bar yielding first
at the top is related to the stress redistribution with diagonal cracking and is elaberated upon in
Chapter 5. But even if the outermost bar had yielded, the overall force deformation diagram
does not indicate yvielding. In Fig 4.2 it can be observed that, while there is a change in the
slope of the overall force-deformation diagram at 800 kN, overall vielding does not take place
unti! a load of 898 kN is reached (LP 49). This is the load at which all the reinforcement in the
column cross-section at the base of the tension column yields (as indicated by gages €3 and C4
of Fig. 3.5}. The nominal displacement ductility ratio of one. obtained from the overall force
deformation diagram (Fig 4.2), was taken as 18 mm at a lateral load of 898 kN [(LP 49)( Figs.
4.2 and 4.6). At a nominal displacement ductility level of three (iateral displacement at the
third floor 8; =54 mm), and a lateral load of 996k kN, spalling initiated at the base of the
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north compressive column (LP 52 Fig. 4.7[a]). Cracks in the tensile column had a uniform
spacing of approximately 36 mm with zverage widths of 0.8 mm. During this monotonic cycle,
the specimen withstood loads up to 1090 kN at LP 58, and reached a top floor displacement of
147 mm at LP 59. At this load point, the test was interrupted, and the lateral load had to be
removed because the linear potentiometer monitoring the top floor displacement and feeding
the electronic signal for the displacemant control of the test had reached its maximum dis-
placement,

Upon resumption, the specimen was reloaded to the north, this time reaching a peak load
of 1090 kN (LP 75). Soon afterwards, the cover at the base of the north compression column
completed spalling with the longitudinal reinforcement buckling, and the confining hoops at the
base of the north column rupturing (Fig. 4.7[b]).

At this point the lateral load was returned Lo zero to prevent the collapse of the specimen.

LP 77-82 The lateral load was reversed increasing monotonically in the south direction.
At a load of -360 kN, there were a large number of residual tensile cracks still open in the
south column (Fig. 4.8). These, together with the Bauschinger effect in the longitudinal rein-
faorcement, caused a reduction in the effective El of the column cross-section, and initiation of
buckling was observed (LP 80 in Figs. 4.2 and 4.9[a]). Subsequently, the load was able to
increase only slightly, up to -365.6 kN at LP 81 when the column completely buckled. At this
point the reading for the lateral displacement at the third floor level showed a residual north
deformation of 107 mm. This failure marked the end of the test.

The buckled column, including part of the panel, is shown in Fig. 4.10. Figure 4.11
shows the second panel and boundary elements at the conclusion of the test. Figure 4.12
shows the displacement components increasing almost linearly with the tip displacement.

4.3.2. Framed Wall Subjected to Cyclic Loading (Specimen 4)

The specimen was subjected to the cyclic loading program shown in Fig. 4.13. Figures
4.14—4.17 show the main force-deformation diagrams.

LP 0-21 The same gravity loads applied to Specimen 3 were used for Specimen 4. Check-
ing of the loading and data acquisition systems was done using a run of small 45 and 133 kN
cycles

LP 21-33 Cracking [oad cycles of 222 kN were run. The first hairline cracks in the tensile
columns (shown in Fig. 4.18[a]) were observed at LP 22 (222 kN). Overall displacement for
these cycles was 2.84 mm.

LP 33-45 The specimen was cycled at a working load level of £ 400kN. As will be ela-
borated upon in the next chapter, this load was analytically determined to be the load at which
the tensile reinforcement reaches a stress of 165.5 MPa or .4/, which is the allowablc stress for
steels with an f, of 414 MPa or more.

At a load of 355 kN the specimen developed several diagonal hairline cracks spaced 86
mm apart in the tension region of the wall panel (Fig. 4.18[bl). The tensile column developed
hairline cracks with 38-76 mm spacing. When the load was reversed new cracks were observed
in a symmetrical way (Fig. 4.18[c]). The overall displacement in these cycles was 8.33 mm.
The hysteresis loops were stable (no degradation) and exhibited little energy dissipation.

LP 45-57 The specimen was cycled at a displacement amplitude of +18 mm correspond-
ing to a nominal ductility ratio value of one (Section 4.3.1). During this series of cycles, the
longitudinal steel in the columns yielded, and cracking continued to propagate, opening new
cracks. Some energy dissipation was obscrved, and the strength of the specimen dropped by 5%
between the first and third cycles.

LP 57-81 The specimen was cyclec. at ductility values of two and three. During the cycle
at a ductility level of two, the lateral load reached 970 kN. Upon reversal a horizontal flexural
crack propagated into the panel (Fig. 4.19[a]). with the upper panels also undergoing extenstve
cracking (Fig. 4.19[b]). The loss of strength from the first to the third cycle was 6% at a
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nominal displacement ductility w=2 and 7% at w=3.

During cycles at x =3, the crack at the basc of the specimen over the foundation opened
1.5 mm wide and an overall slippage of 3 mm was observed along this crack. The largest diago-
nal cracks in the panel and the tensile column reached also a width of 1.5 mm.

LP 81-96 The specimen was loaded to a displacement of 71 mm or a displacement ductil-
ity of 4, which was reached at a ioad of 970 kN. Crushing initiated along the horizontal flexural
cracks in the panel, indicating shear slippage along this horizontal crack (Fig. 4.20[a]). Upon
reversing the load Lo the south for the second time at this displacement ductility level, the hor-
izontal panel reinforcement at the base of the wall buckled, causing the concrete in the south
region of the panel to spall (Fig. 4.20[b]). When loading the specimen to the north, the lateral
load reached 938 kN, upon its reversal to the south again, the damaged panel region was not
capable of withstanding the compressive stresses, and at a peak load of 742 kN, the compres-
sive region of the panel crushed. The lateral load dropped to a load of 640 kN at a displace-
ment ductility of -4 (Fig 4.20[c])

LP 96-99 An attempt was made to reload the specimen to the north, but at 410 kN all
the concrete along the lower part of the first floor panel crushed, and the load dropped to 205
kN at a displacement of 91 mm. At this point the columns buckied (Fig. 4.21) and the test was
concluded.

The displacement components are shown in Fig. 4.22, and 2 significant difference can be
observed when comparing it to Fig. 4.12. For Specimen 4 the ratio of shear deformation to
flexural deformation components increases with the tip displacement. The deterioration
mechanisms under load reversals that cause this are discussed in the following chapter.

4.3.3. Repaired Framed Wall Subjected te Monotonic Loading (Specimen 4R)

Specimen 4 was repaired (Sect. 2.5). renamed Specimen 4R and subjected to the mono-
tonic loading program shown in Fig.4.23. The main force deformation diagrams are shown in
Figs. 4.24-4.27. The repaired first floor panel, and the status of the damaged upper panels at
the initiation of the test is shown in ig. 4.28.

LP 0-58 The same gravity loads applied to the undamaged specimens were used here.

Small cycles of =45 kN and 133 kN were initially run in order to check the loading and data
acquisition systems.

LP 58-108 Loads of 222 kN were cvcied in order to compare the response of this speci-
men with the response of Specimens 3 and 4 at the same load level.

LP 108-211 The overall displacement for this cycle was 7.38 mm which is an increase of
2.6 times greater than the displacement under the same cyclic load level of Specimen 4. This
indicates that significant damage remained in the upper floors which had not been repaired.

The specimen was loaded monotonically to the north. The nominal displacement ductility
of one used in this test was 18 mm, (same as for virgin Specimens 3 and 4). At a load of 427
kN, several diagonal hairline cracks were observed in the lower panel and corresponding tensile
column (Fig.4.29(aq}). Cracks continued to appear and propagate in the column and panel as
shown in Figs. 4.2905) and 4.29[c]1. At a displacement ductility of 3 and a lateral load of 1262
kN, the concrete cover at the top of the north column in the first floor started to spail and the
tensile cracks at the second story reached widths of 2.5 mm. At this point the lateral load was
returned to zero and free vibration tests were performed.

LP 211-258 A series of 222 kN load cycles with an overall displacement of 13.36 mm was
run. This overall displacement is 59% larger than the displacement obtained for the same load
leve! cycles at the initiation of the test (LP’s (-58), and 4.7 times the displacement correspond-
ing to Specimen 4,

LP 258-343 Loading to the north continued with damage increasing in ali three panels.
The crack at the 1op of the first floor's south column reached 3.2 mm at a peak load of 1297
kN. At this load the third story panel started crushing, with a crack opening between the third
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floor slab and the top of the specimen‘s columns. At a top floor displacement of 117 mm, and a
lateral load of 1008 kN, two tensile #6 reinforcement bars ruptured at the top of the first story
where the bars had been welded during repair (Fig. 4.30) and the load was returned to zero.

LP 343-355 A 222 kN cycle with an overall displacement of 20 mm was introduced. This
overall displacement represents an increase of 2.7 times the one obtained initially for the same
load level cycles for this specimen, and an increase of 7 times over that corresponding to Speci-
men 4.

LP 355-397 The specimen was loaded in the south direction with damage increasing in the
third floor panel and the crack between the columns and the third floor slab opening.

At a load of -914 kN and a displacerient of -26.7 mm, the third floor panel crushed and
the lateral load was returned to zero. The specimen was still capable of resisting the axial grav-
ity load.

LP 39-445 The specimen was cycled at 222 kN. The overall displacement was 45.6 mm,
which is an increase of 5 and 16 times over the displacements obtained during similar load level
cycles at the initiation of this test, and thz test on the original virgin specimen (Specimen 4)
respectively.

Views of the third story panel after railure and of the separation between the third floor
slab and the top of the columns are shown in Fig. 4.31(a).

The shear deformation at the third floor panel was monitored with linear potentiometers
attached to the slabs, and the third floor displacement was monitored with a potentiometer
attached to the column. A large crack opened between the third floor slab and the column
(Fig.4.31[#]), and caused significant differences in the readings of the displacement com-
ponents (Fig. 4.32). A similar situation took place in Specimen 3R and is discused in the next
section.

4.3.4. Repaired Framed Wall Subjected to Cyclic Loading (Specimen 3R)

Specimen 3 was repaired, renamed Specimen 3R, and subjected to the cyclic loading pro-
gram shown in Fig. 4.33. The main hysteresis diagrams are shown in Figs. 4.34 to 4.36. Views
of the panel at the initiation of the test are shown in Fig. 4.37.

LP 0-103 The gravity loads were the same as those applied to Specimen 3 (Section 4.3.1).
Small loads (45 and 113 kN) were cycled in order to check the loading and data acquisition sys-
tems.

LP 102-128 Load cycles at 222 kN, the cracking load for Specimen 4 (Section 4.3.2) were
run for comparison. The overall displacement was 7.3 mm, this is an increase of 3.2 times over
the corresponding value for Specimen 3. Note that this drop in stiffness is similar to the one
observed for Specimen 4R. This was caused by the unrepaired damage in the second and third
stories.

LP 128-164 The specimen was cycled at 400 kN, the working load level corresponding to
Specimens 3 and 4. The overall displacement was 14.3 mm, which is an increase of 1.72 times
over the total displacement obtained under equivalent cycles in Specimen 4 (Section 4.3.2)

LP 164-438 The specimen was loaded to the north, reaching a displacement of 18 mm at
937 kN. Cracking developed in the first flcor panel, and only two small new cracks appeared in
the second floor panel (Fig 4.38). When the load was reversed, the specimen reached -18 mm
at a lateral load of -846 kN. Since the original Specimen 3 had not been subjected to such a
high south load, new cracks formed in all three panels (Fig 4.39). The specimen was cycled two
more times at this displacement level (corresponding to . = =1 in the virgin specimen). The
next cycles were at u = +2. In the first cycie at this displacement ductility level, the lateral
load reached 1300 kN (LP 276), and when reversing the load to the south (LP 300) a crack
opened at the interface between the third floor slab and the top of the specimen’s north column
{Fig 4.40). This crack was a consequence of the "tearing action" on that connection (Fig.
4.40{c}). In order to prevent it from opeling more, the south displacement in the following
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load reversals was limited 1o a nominal displacement ductility value of -2. Upon reloading to the
north a load of 1096 kN was reached (a drop of 16% in the specimen’s strength). Cycling was
repeated for a total of three cycles at this displacement ductility level.

LP 438-866 The specimen was cycled three times from a maximum positive displacement
ductility of 3 to a maximum negative ductility of -2. During this cycling, crushing initiated at
the base of the second floor panel (Fig. 4.41). The north displacement was then increased to
= 4 with the lateral load reaching 1092 kN, Upon reversal to p = -2 {with a load of 860 kN
and a displacement of -41 mm), some buckling was noticed on the south column reinforcement
at the base of the second floor.

The second floor panel underwent faiture while reloading in the north direction to a dis-
placement of 55 mm and a lateral load of 763 kN (LP 726). Buckling of the horizontal rein-
forcement and concrete crushing took place (Fig. 4.41[b]). After the strength stabilized at 595
kN, the load was increased again to 727 kN which brought about failure of the connection
between the third floor slab and the north column, Two subsequent cycles were performed at
this displacement ductility level, showing a large drop in the specimen’s strength, and complet-
ing the damage as shown in Figs. 4.42 and 4.43.

The diagram of displacement components is shown in Fig. 4.44. As was the case in Speci-
men 4R (Section 4.3.3) this diagram shows considerable differences between the recorded
overall third floor displacement component and the sum of the displacement components. This
is caused by the separation between the third floor slab and the north column.

Figures 4.43(c) and 4.43(d} show the instrumentation used for measuring the third floor
displacement and the locations of that used to monitor the shear deformations at the third
story. These are attached at different points (A and B in Fig. 4.43{d]). While normalty the dis-
tance between these points is expected to remain constant throughout the test, in the case
reported the crack between the slab and the column caused distance AB to change. This ren-
dered the readings for the shear deformations at the third story inaccurate after LP 300. The
shear displacement at the third floor (Fig. 4.35) was computed based on the measured shear
deformations of the individual panels, and is consequently inaccurate for the readings after LP
300.

4.3,5. Virgin Rectangular Wall Subjected to Monotonic Loading (Specimen 5)

This rectangular wall model was subjected to the loading program shown on Fig. 4.45.
The main force deformation diagrams are shown in Figs. 4.46 to 4.49.

LP 0-28 Gravity loads of 229 kN per column (Fig. 3.2) were applied to the specimen,
maintaining the loads in both vertical jacks within £45 kN to avoid unbalanced moments.

LP 28-72 The lateral jacks were connected, and small lateral load cycies (+ 45 kN) were
applied. The stresses generated by these loads were very small so as not to cause any cracking
or permanant deformations. These cycles were applied for the purpose of checking the loading
setup and the data acquisition system.

LP 72-134 The specimen was cycled eight times at working load level (279 kN). The first
tensile crack in the columns were observed at + 110 kN. A long diagonal crack was observed
in the panel at 250 kN. At the conclusion of these cycles several horizontal hairline cracks were
observed in the columns with a spacing of approximately 70 mm. Some of the cracks
penetrated the lower part of the panel. The overail displacement in these cycles was 5 mm.

LP 134-202 Lateral loads were increased monotonically. At 613 kN, diagonal hairline
cracks with 100-140 mm spacing were observed in all panels (Fig 4.50). The outermost tensile
bar in the south column reached yield strain at a lateral load of 709 kN (LP 139) and a 12
mm displacement at the third floor level. In members with more than one layer of vertical
reinforcement, not all the tensile reinforcement yields simultaneously. The force displacement
diagram does not indicate overall yielding (Fig. 4.46) until after all the tensile column rein-
forcement yields. At a load of 788 kN (LP 170) the force displacement diagram shows overall
vielding of the subassemblage (wall}. A nominal value of 12.7 mm was taken for the initial
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yielding of the force displacement curve of Fig. 4.46.

The strain readings are referred to a reference zero reading obtained at the initiation of
the test and the true strains in the reinforcing bars may differ from the test recorded values
because of initial construction and shrinkage strains. On the average these strains reach 200 we
in compression. If the third floor displacement recorded when the outermost tensile reinforce-
ment yielded (LP 159), had been the one used as a reference yield displacement, the values of
overall displacement ductility would be 7% higher. Initial concrete crushing at the base of the
compression column was observed immediately after yielding of the specimen.

When a top floor displacement of 37 mm was reached (LP 198), the lateral load was
returned to zero to perform free vibration tests and service load cycles.

LP 202-250 A series of three working load cycles was performed. The overall displace-
ment in these cycles was 11.9 mm. Comwparing it to the 5 mm obtained in the working load
cycles for the virgin specimen (LP‘s 72-134), the ratio, 11.9/5 =2.34, indicates a smaller
reduction in stiffness than that determined from the free vibration tests, where (on basis of the
natural frequencies measured)} this ratio is (1.77)? = 3.15 (Table 4.2). The smalier ratio of
reduction is due to the larger displacement amplitude and the axial load acting on the specimen,
both of which contributed to the closing of the cracks and the increase in the EI of the section.

LP 250-355 The specimen was refoaded, and this time yielding was more gradual (Fig.
4.46). At 840 kKN (LP 273), the column in compression initiated spalling, and the compression
region panel showed initial crushing. The spalling was not symmetric around the column, it
was concentrated on only one surface causing some eccentricity in the cross-section. At a dis-
placement of 74.8 mm, the peak load of 916 kKN was reached (LP 309), and rupturing of steel
was heard at the base of the compressive column indicating rupture of a lateral confinement
hoop. The load dropped to 742 kN, and, when loading was continued to the north, buckling of
the longitudinal bars at the base of the ncrth compressive column was observed. A further drop
in the load to 296 kN occured. Some heirline cracks appeared in the panel, indicating out of
plane deformations (shown as dashed lines, Fig 4.51). At this point, in order to prevent the col-
lapse of the specimen, the load was returned (o zero. The specimen was still capable of sustain-
ing the axial gravity load.

LP 355-440 A series of service load cycles was performed. These were unstable in the
north direction. The overall displacement in these cycles was 29.5 mm, which gives a reduction
in stiffness with respect to the service load cycles in the virgin specimen, (LP‘s 72-134) of
29.5/5 = 5.9

LP 440-600 Loading in the south direction (Fig. 3.3) introduced compression in the south
column and panel, which had a large number of residual open tensile cracks. Some cracks
reached 3.5 mm opening and, consequently, the specimen’s cross-section had a reduced El. At
a load of -378 kN (LP 451), a small out of plane deformation of the panel and compression
column along the first floor span was observed (Fig. 4.52). Upon increased loading (at -847 kN
LP 526}, a flexural shear crack initiated at the buckled region of the north column and the zone
of crushed concrete in the northern portion of the panel propagated all the way through the
specimen (Fig. 4.53). At this point the load droped to -251 kN, and the displacement reached
-74 mm.

The third floor displacement was then returned to zero in order to facilitate repairs. In this
last phase, the lateral load could barely reach 70 kN. Nevertheless, the specimen was still sup-
porting the vertical loads on the columns,

Figure 4.54 shows the displacement component diagrams for the third and first floor lev-
els. From this figure, it can be observed 1hat the percentage of shear deformation with respect
to the total deformation tends to rise as the deformations and damage in the specimen increase,
particularly in the story where the damage is concentrated.

The contribution of the shear deformation component is relatively higher for the first
story than for the third. There are two reasons for this. First, the flexural rotations at the base
cause larger displacements at sections higher above the foundation. Secondly, the flexural and
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shear cracks are concentrated in the first panel, and shear deformations are higher for that
panel.

4.3.6. Virgin Rectangular Wall Subjected to Cyclic Loading (Specimen 6)

The specimen was subjected to the loading program shown in Fig. 4.55 and the main force
deformation diagrams are shown in Figs. 4.56 to 4.59

LP 0-18 Gravity ivads identical to those applied to Specimen 5 were applied to the speci-
men.

LP 18-61 Cycies =45 kN were applied in order to check the loading and data acquisition
systems.

LP 61-118 The next three cycles were applied at the working load level (279 kN). In the
first cycle, cracking was initiated in the specimen, with the first flexural crack being observed
at 123 kN and the first diagonal crack propagating from the column into the panel at 140 kN
(Fig. 4.60). A diagonal crack did not penetrate all the way into the panel until a load of 279 kN
was reached. The overall displacement at the top of the specimen for this working cycles was
5.1 mm, which is similar to that of Specimen 5 (Section 4.3.5). At the end of this work cycle,
the test was transferred from load to displacement conirol.

LP 118-47]1 The specimen was cycled up to yielding at a nominal yield displacement of
12.7 mm, (which is the displacement at which yielding was noted in the overall load deforma-
tion diagram, for Specimen 5), and at a load of 729 kN.

The specimen was then cycled three times at duclility one, developing flexural cracks in
both columns and throughout the panel. In the next series of cycles, u = 2 was reached at a
load of 828 kN. In the second cycle at this ductility level, the load dropped by 6%. The subse-
quent deterioration is shown in the hysteretic diagram of Fig. 4.56. Also at & = 2 the concrete
cover in the compression region of the specimen started to spall, and flexural-shear cracks up to
1.8 mm in width opened in the tensile region. The spalling at the base of the column disrupted
the instrumentation used to measure Lhe fixed end deformations. A large crack opened
between the wall and the foundation. This crack reached a width of 1 mm.

Under cycling at u = 3, tensile cracks up to 2.6 mm opened, with the specimen showing
widespread cracking. As can be seen in Fig. 4.61, there were numerous, closely spaced tensile
cracks in the columns. These cracks remained open even after the columns went into compres-
sion.

LP 471-522 At the conclusion of the u = 3 cycles three working load cycles were
appiied. The overall displacement for these cycles was 25.8 mm, which is greater than the
overall displacement in the initial working cycles by a factor of 5.06.

LP 522-696 In the next cycle at a u = 4, tensile cracks in the column opened up to 3.2
mm and the crack between the wall and the foundation opened up to S mm. In the second
cycle at this ductility level, when loading to the south with -500 kN, the south column cover
spalled on only one side of the specimen (Fig. 4.62) causing the column to buckle, taking part
of the wall panel along with it. This type of failure is similar to the one observed in Specimen
5, and is elaborated upon in Chapter 5. At this point the lateral load capacity of the specimen
dropped to 256 kN, and the test was considered completed. Figure 4.63 shows the displace-
ment component diagrams. There is a large error in the fixed end deformation readings after
concrete spalling at the base of the column took place. This spalling interfered with the instru-
mentation used.

4.3.7. Repaired Rectangular Wall Subjected to Monetonic Loading {Specimen 6R).

Specimen 6 was repaired, renamed 6R, and subjected to the loading program shown in
Fig. 4.64, which is similar to the program used on Specimen 5. The main force-deformation
diagrams are shown in Figs. 4.65 - 4.67. The damage state at the initiation of the test is shown
in Fig. 4.68.
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LP 0-41 Gravity loads were applied to the specimen, and cycles of 445 kN were run for
checking the loading and data acquisition systems.

LP 41-65 Service load cycles were performed (279 kN) with an overall displacement of
5.83 mm, which indicated that the total original stiffness of the specimen had nearly been
restored, with the repaired stiffness being only 14% lower than that of virgin Specimen 6 (Sec-
tion 4.3.6). Even if the overall specimen stiffness had been the same, however, the EI distribu-
tion along the specimen would still be very different: the first story would still be fairly stiff,
with more steel area and uncracked concretz; and the upper stories much softer, because of the
previous damage (Fig. 4.68).

LP 66-106 The specimen was monotonically loaded in the north direction up to a nominal
ductility value of p = 3. A displacement of 12.7 mm was taken as the nominal ductility one
displacement in order to facilitate compariscn with the virgin specimens.

At LP 76, with w = 1 and a load of 8§92 kN, a crack opened at the top of the first floor
between the wall and the slab, propagating diagonally into the panel (Fig. 4.68). This was to be
the main crack in the following stages.

At a load of 1130 kN, a displacemen: of 38.15 mm was reached (LP 92 Fig. 4.69). At
that point, the main cracks in the panel and the top of the south column reached a width of 3
mm,

LP 106-130 Service load cycles were applied with an overall displacement of 11.83 mm, an
increase of 2.03 times the one obtained al the initiation of the test.

LP 130-180 Leading to the north was continued, reaching a maximum load of 1162.5 kN
at a displacement of 50 mm. At LP 168, with a displacement of 63 mm , the main diagonal
crack in the first floor panel reached a width of 14 mm (Fig. 4.70), and the main diagonal crack
in the second floor panel reached a width of 2 mm. Several steel rupluring sounds were heard
al this point indicating rupture of the vertical reinforcement in the wall. The lateral load capa-
city of the wall dropped (LP 172 Fig. 4.65) and the lateral load was subsequently returned 1o
zero. The specimen was still capable of resisting the gravity axial loads.

LP 180-207 A series of service load cycles was run. The overall displacement was 14.68
mm or an increase of 2.52 times over the displacement at the initiation of the test.

LP 207-313 Upon loading to the south, the concrete cover at the base of the south
column started to spall at -779 kN, and the two outer bars at the base of the south cclumn in
the second floor showed signs of initial buckling. Diagonal cracks propagated through the panel
and formed a grid with the cracks previously noted (Fig. 4.71). At a load of -1158 kN, the
crack at the top of the north column reached a width of 4 mm. At this point, the vertical wall
steel started rupturing, followed by the rupture of some column longitudinal bars. Loading to
the south was continued until the lateral st-ength of the specimen dropped to -588kN at -126
mm (Fig. 4.65). In this last stage, the top of the south column in the first floor panel crushed
with buckling of the longitudinal bars and rupturing of the hoop confinement,

LP 313-340 A last series of service lcad cycles was run with an overall disptacement of
284 mm or an increase of 4.9 times the displacement at the initial working load cycles. A
diagram of the displacement components is shown in Fig. 4.72.

4.3.8. Repaired Rectangular Wall Subjected to Cyclic Loading (Specimen 5R)

Specimen 5 was repaired, renamed 5K, and subjected to the loading program shown in
Fig. 4.73, which is similar to that corresponding to Specimen 6. The main force deformation
diagrams are shown in Figs. 4.74 to 4.76.

LP 0-43 Gravity loads were applied to the specimen. Loads at =45 kN were cycled for
checking the loading and data acquisition systems.

LP 43-82 Three service foad cycles (4:279 AN} were performed with an overall displace-
ment of only 5.68 mm, indicating a stiff first story.
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LP §2-408 The specimen was cycled three times at a nominal ductility of one with a dis-
placement of 12.7 mm (Section 4.3.7). In the first half-cycle at w = 1, hairline cracks appeared
in the tension column and propagated into the panel (Fig. 4.77(al}. One of the cracks at the
top of the first story panel propagated horizontally half-way through the panel and then diago-
nally across. When the load was reversed, similar cracks appeared in the opposite direction
(Fig. 4.77Ib]). In the first reversal at p = 2 (LP 219), rupturing of reinforcement was heard in
the south column in tension, most likely indicating rupture of the #5 bars at the top of the first
story where it had been welded in the repair procedure. Spalling of the concrete cover also
started at this ductility level at the top of the first story, causing a crack o open and extend into
the first floor slab. The widening of this crack during cycling at & = 3 rendered the readings
obtained at the first floor and middle of the first story unreiiabie (Fig. 4.78).

The drop in strength from the first to the third cycle was 29 kN (3.5%) for u = 1, 128
kN (12%) for u = 2 (where the #5 bar ruptured), and 177 kN (17%) for 4 = 3 {where
several vertical reinforcement panel bars ruptured at the welds). In the last cycle at u = 3,
slippage on the horizontal crack at the top of the first panel was 14.5 mm.

LP 408-429 Three cycles of service loads were applied, having an overall displacement of
32.47 mm or an increase of 5.8 times the initial service load cycles. This high ratio (>4) indi-
caies extensive damage in the specimen.

LP 4299-575 Three cycles at a ductility of £4 were performed (note that the ductility for
the story where the damage is concentrated is larger). Between the first and second cycles at
this ductility, the north load dropped 205 kKN. In the third c¢ycle, more bars ruptured, and the
south load dropped 366 kN to 277 kN, marking the end of this test. The overall horizontal
slippage in the crack at the top of the first panef was 25 mm. The failure at the top of the first
panel is shown in Fig. 4.79, Figure 4.80 shows the displacement components. As shown in the
latter figure, shear deformation significantly increased during the three cycles at u = 3.

4.4, Photogrammetric Readings

4.4.1. Accuracy

Kodak Tri-X panchromatic 100 mm x 125 mm glass plates were used for the photogram-
metric readings in all specimens, with the exception of Specimens 3R and 4R in which celuloid
plates were used.

The specimens appear in the photographic emulsion at a scale of 1/24.36. The compara-
tor used to read the photogrammetric plates has a maximum accuracy of one micron (107%m),
which corresponds to 0.0244 mm in the specimen. Unfortunately this ideal accuracy cannot be
easily obtained.

When several careful readings for the same target in the emulsion are taken in the com-
parator, discrepancies of 10 to 15 microns are found even at a sharp point. Consequently the
best accuracy that can be expected under ideal conditions is on the order of 0.24 to 0.36 mm in
the specimen. This accuracy deteriorates very fast with bad quality of the photographic plates
(over or under exposure and or development, fuzzines of the targels etc.) and the errors can
reach 1.2 mm or more. The fuzzines of the targets seems to be caused by three reasons: 1} the
relatively large grain size in the emulsion used; 2) an apparent out of flat field that renders the
targets in the center of the specimen sharp, but the ones in the ouler part out of focus; and 3)
a general unsharp focus because of human error. The first problem could be minimized some-
what by using a finer grain emulsion, and the other two by closing the diaphragm in the photo-
grammetric cameras to a minimum for greater depth of field. This requires a corresponding
increase in the exposure times.

Since the lines in the photogrammeitric grids are spaced at 152 mm, the error in the read-
ings is equivalent to a strain of:
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e = 00016 n/m for a sharp point

€ = 0.008 m/m for a fuzzy point

This error is too gross to attempt the computation of strain distributions on the basis of
photogrammetric data. Even at the load points corresponding to the largest deformations, where
the strains in localized regions are very large, the use of these data for determining the strain
distributions is not recommended because in general targets are lost in regions of large strain
and damage concentration. On the other hand, these errors are relatively small when compared
to the values of displacement cbserved in the specimens during the test.

In conclusion, the photogrammetric data can be used to compute deformation patterns,
but is unsatisfactory to compute strain distributions.

4.4.2. Results

The deformed configurations for all the specimens are shown in Figs. 4.81 to 4.87.

Figure 4.81(a) shows the lengthening of the south column, and the compression and
pivoting at the base of the north column of Specimen 3 {see also Fig. 4.7[51). The neutral axis
positiont indicates that only a small portion of the panel undergoes compressive stresses. Figure
4.81(b) shows the deformed configuratior at the point of buckling of the south boundary ele-
ment, indicating the existence of very large residual tensile strains, and a double curvature for
that element.

Figure 4.82 shows the deformation pattern at different stages during the last ¢ycle at duc-
tility four in Specimen 4. Load points 835 and 83T were chosen as the points where the slope
in the shear-shear displacements diagram (Fig. 4.15) changes drastically. The elastic rebound
when unloading (Fig. 4.14 LP 82-83) is shown in Figs. 4.82(a) and (b); it can be observed that
the column in compression rebounds morz than the column in tension. This is because cracks
in reinforced concrete tend to remain open when shear slip along the crack takes place. This
phenomenon will be discussed later. From LP 835 to LP 83T there is a significant lateral
deformation with only a very small variation in the axial lengths of the boundary elements.
This is a range in which most of the deformation is accounted for by shear slippage along the
open cracks. From LP 83T to 84 the lateral deformation brings along a significant variation in
the axial length of the boundary elements, with a significant increase in the lateral force level
(Fig. 4.15). From LP 84 to LP 85 there is an elastic rebound similar to that from LP 82 to LP
83.

Figure 4.83 shows the deformation pattern for Specimen 4R. The large distortion at the
top of the boundary element agrees with the crack pattern shown in Fig. 4.29.

Figure 4.84 shows the deformation pattern for Specimen 5. From LP 312 to LP 342 local
buckling at the base of the north boundary element took place, {(Section 4.3.2}, and a consider-
able shortening can be observed in this element (Fig. 4.84[b]). Note that large tensile strains
remain in the south boundary element and most of the panel. Figure 4.84(c¢) shows the defor-
mation pattern after flexural shear failure with a large shear displacement along a horizontal
flexural crack at the base of the panel took place.

Figure 4.85 shows the deformation pattern for Specimen 6. At LP 149 yielding of the
specimen was just reached, and the deformations are small and regular, with the neutral axis
practically at the edge of the boundary element. At LP 532 large tensile strains were observed
in the south boundary element and most of the panel. When the load was reversed, the north
boundary element in turn showed large tensile strains. When comparing the deformations for
LP 532 and LP 638, it can be observed that the residual tensile strains accumulate , and that
there was an overall lengthening of the spccimen. (The north boundary clement shows residual
lengthening while subjected to compression). LP’s 561 and 670 correspond to the same ductility
level, but at LP 670 the south boundary ¢lement has buckled, and a large strain concentration

can be observed at its base.
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Figure 4.86 shows the deformation pattern for Specimen 6R. At LP 168 a very large crack
was observed running horizontally at the top of the first panel, and then diagonally inlo the
panel (Fig. 4.17). When reversing the load, at LP 300, loss of confinement and crushing took
place at the top of the south boundary element, damaging the concrete and interfering with the
photogrammetric readings.

Figure 4.87 shows the deformations for Specimen 5R. In this specimen a large crack

opened at the top of the first floor panel and residual tensile deformations were observed hor-
izontally in the upper region of the first floor panel under load reversals.
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5. EVALUATION OF EXPERIMENTAL RESULTS

The experimental results are interpreted and compared to theoretical values predicted by
the code and different analysis methods. The results studied are: the overall hysteretic
behavior, the failure mechanisms, and the effect of the test parameters in the overall behavior.

5.1. Overall Hysteretic Behavior

The behavior characteristics studied are the strength, stiffness, deformation capacity and
energy absorption and dissipation capacities. Comparison is made between values predicted
according to code assumptions and values predicted according to different analysis methods. In
several cases the agreement between the experimental and analytical methods is not very good.
Better prediction methods are developed and presented in the next chapter.

5.1.1. Strength

The strength at different load levels: flexural cracking, shear cracking, working, yield and
maximum strength is studied.

(a) Flexural Cracking Load
According to UBC’s Eq (9-5) the flexural cracking load can be computed as:

(5.1

M.,=

where;
Jf= Modulus of rupture of concrete
f,= Moment of Inertia of the gross concrete cross-section neglecting the reinforcement
Y,= Distance from centroid to extreme tension fiber

This equation yields:

v,
_ 9 ) oo e
M,=0.631x10° Nomm or V, 3353 o 144 kN
for the framed wall specimens, and
M,
= 9 A — V = ——2*" =
M,=0386x10° N—mm or V., 3349 mm 100.3 &N

for the rectangular wall specimens.
Comparing the code values to those cbtained experimentally (Table 5.1):
V., == 222 kN for specimens 3 and 4

V., = 110 kN for specimen 5
V., = 123 kN for specimen 6

or
It can be observed that the code assumptions underestimate the specimen’s flexural cracking
strength. If instead of neglecting the longizudinal reinforcement, a correction to the code equa-
tion is made by computing the moment o' inertia of the composite reinforced concrete cross-

section, a better agreement with the experimental results is obtained.
V., =175 kN for the framed walls, and
V., =130 kN for the rectangular wells.

(b) Flexural Shear Cracking Load

According to Eq. (11-11) for prestressed concrete members, in Chapter 26 of the UBC
code, the flexural cracking load can be obtained from (modifying the equation to put it in terms
of SI units):

Vl Mw‘

. Mmax
v,= 0.0498~/ 1, + 7 (5.2)

"
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where:
v,;= shear stress at diagonal cracking (MPa)
V,= shear force at section due to dead load
= Shear force at section occurring simultaneously with M.
M .x= Maximum bending moment due to applied design loads
This equation yields:
v, = 1.099 MPa which can be expressed as
V., = 352.6 kN for the framed walls, and
= .8273 MPa, which can bc cxpressed as
V., = 227 kN for the rectangular walls
where:
V., = v, b, d is the total base shear at diagonal cracking.

The experimentally observed diagonal cracking loads are shown in Table 5.1 and are in
general agreement with the computed values. It should be noted that the tensile cracking strain
for concrete is very small (on the order of 300 pe), and since the shrinkage strains can be of
that order of magnitude they can significantly affect the load at which initial cracking takes
place.

{c) Working Load

The working load level can be ascertained from the definitions given in Section 2608 J of
the UBC [30] code. It is specified that under working load the tensile stresses in the steel shall
not exceed the specified allowabie stress of 165.5 MPa (for steels with an f, of 414 MPa or
more), and the extreme concrete compressive strength shall not exceed 0. 45 f( In the walls
studied the tension reinforcement reaches a strain corresponding to 0.40 7, before the concrete
in compression reaches 0.45 f.. The theoretical working loads (assumlng pure flexure effects,
plane sections remaining plane, linear strain distributions, and the experimentally observed
material properties) were 400 kN and 292 kN for the framed and the rectangular walls respec-
tively.

These values are shown in Table 5.1, together with the experimentally observed values.
The measured working load values were estimated on basis of the largest of the strains indi-
cated by strain gages C3, C4 and C5 (Fig. 3.5) and the experimentally obtained stress strain
relationship for the reinforcement (Figs. 2.9 and 2.10).

(d) Initial Yield Load

The initial vield load is that at which the tensile steel reaches the yielding strain value.
The walls having distributed vertical reinforcement show a somewhat gradual variation of slope
in the overall force deformation diagram. This causes problems in defining a "yield point". Until
a unified criterion for this definition is reached, care should be exercised in interpreting
reported ductility values. For example, for Specimen 3 the outermost tension bar yielded at a
third floor displacement of §; = 12.2 mm and the whole column cross-section at the base
yielded at §; = 19.8 mm (Section 4.3.1). It should also be noted that the yielding of the steel
was determined on basis of the strain gage readings obtained during the test, and that these
readings are referred to a zero reading at the initiation of the test, which does not necessarily
correspond to a zero stress condition in the steel bar. In general the bar has an initial strain
because of shrinkage which in the specimens tested was on the average 200 we (or an initial
stress of 42 MPa) in compression.

The initial yield values observed experimentally together with those computed with the
assumption of linear distribution of strains, plane sections remaining plane, and realistic
material properties, are shown in Table 5.1. The experimental initial yielding strains were
estimated on basis of the strains recorded by gages C3, C4 and CS. (Because of the stress redis-
tribution after diagonal cracking, the strains at CS can be of the same magnitude as the strains
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at C3 and C4, this phenomenon is elaborated upon in a latter section.)
(e) Maximum Flexural Strength

The philosophy most commonly used in earthquake resistant design is intended to
prevent the possibility of brittle failure (i.e. shear failure). The elements are thus designed so
that their force resistance is limited by their flexural strength, and the intended failure mode is
ideally ductile (i.e. rupture of the tensile reinforcement).

For this reason it is important to be able to determine the flexural strength of the speci-
mens with reasonable accuracy.

1) Analysis Using the Code Assumptioris

The maximum flexural strength was computed using the specified material properties,
assuming linear variation of strains along a section, and the equivalent concrete stress block
suggested by the ACI. The effect of the axial load was accounted for. The results are presented
in Table 5.2. It can be seen that th: code consistently underestimates maximum flexural
strength.

2) Approximate Analysis:

The maximum flexural strength can be estimated by the following formula
Mepao= (A o1 fmax + D/2) d (5.3)

where
A = Cross-sectional steel area in boundary element

s col T
Smax = Maximum stress of longitudinal reinforcement
D = Axial dead load in specimen

d = Effective depth of section, taken here as the center to center distance between boun-
dary elements

This formula does not consider compatibility, nor the effect of concrete or the vertical
panel reinforcement, and is intended to give only an estimation of the maximum moment capa-
city without demanding much computational effort. For an accurate estimation of the max-
imum moment capacity a more refined analysis should be used as explained in the next section.

The basis for this simplified formula is the assumption that the flexural strength of the
specimen is controlled by the tensile strength of the longitudinal reinforcement. This means
that buckling has been delayed, and the strength of the compression element (steel and
confined concrete), is greater than the tensile strength of the tension element. It is also
assumed that when this tensile strength is reached, the resultant of the compression forces is
very close to the axis of the compression boundary clement, and the contribution of vertical
panel reinforcement to flexural strength is negligible when compared to that of the boundary
elements.

This simplified equation yields the following results:
For the framed walls:
M. = [(2315.5 mm?) (639 MPa) + 434 kN} 2.134 m = 4084 kN-m

which in terms of the base shear V is:

o M pax -
Vin = 7353 = 931 kN

where 4.383m is the effective moment a m of the forces acting on the wall.
For the rectangular walls:
M. = [(1780.6 mm?) (687 MPa) + 299 kN] 2.134 m = 3249 kN-m
which in terms of the base shear is
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M.

Vmax = max
3.849

3) Refined Analysis
The maximum flexural strength was calculated by using a more refined analysis. The
cross-sections shown in Fig 5.1 were analysed to obtain the corresponding moment curvature

relations. The computer program RCCOLA [23] was used and the following assumptions were
made:

= 844 kN

a) Plane sections remain plane
b) Bond slippage effects are not accounted for.

c) The stress-strain relations used for the steel are shown in Figs. 2.9 and 2.10, for the
rectangular and the framed walls respectively. The panel steel was assumed to have ident-
ical material properties as the column reinforcement (RCCOLA allows only one steel
stress-strain relation to be defined). This assumption is believed to introduce only a small
error.

d) Different stress-strain relations were used for the confined and the unconfined concrete
{ Fig. 5.2), these were based on the results obtained in Ref. [9].

e) The tensile strength of concrete is neglected.
f) The redistribution of stresses because of the shear cracks is not accounted for.

The resulting moment curvature relations are shown in Figs. 5.3 and 5.4 and compared to
the curvatures experimentally observed in Specimens 3 and 5 (the data used was that recorded
with clip gages K1 and K11 in Fig. 3.4). It should be noted that the experimental curvature
values do not include the fixed end rotations. It can be seen on Fig. 5.3 that the analysis was
ablc to predict the moment curvature relations for Specimen 3 with excellent accuracy up to the
point of maximum strength. After this point there is a drop in the experimental strength mainly
because of the spalling of the concrete cover, and the confined concrete‘s reduction in load car-
rying capacity (see Table 5.2). This causes the position of the neutral axis to shift back (Fig.
5.5) and some of the concrete and steel in the specimen’s cross-section to undergo load rever-
sal.

Since the computer program used does not have the capability of handling unloading, it
cannot accurately predict the moment curvature diagram beyond the maximum strength point.

Figure 5.4 shows the moment diagrams for Specimen 5. It can be seen in Table 5.2, that
the maximum specimen strength obtained experimentally is 7% less than that predicted using
assumptions similar to those in the analysis of Specimen 3. Specimen 5 was not able to reach
the ductility at which the maximum strength was expected, because the unsymmetric spalling of
the cover in the boundary element caused the specimen to have an early stability failure (Sec-
tion 4.3.5).

Table 5.3 shows the analytical value of the curvature at the base of the specimen when
the maximum strength is reached. The agreement with the experimental results for the case of
Specimen 3 is very good. For the case of Specimen §, it is shown that the maximum strength
could not be reached because of premature failure.

(f) Maximum Shear Strength

According to the UBC code assumptions the shear strength of the specimens can be ascer-
tained from (see Section 2.2).

V=08 L,bv. + 0.8 £,.b.0,/, (5.4)
Using the specified values for f, and f., and:
vo= 2/ fopsi (= 166~/ f.MPa):

1) For the framed wall specimens
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%= [(.8)(2:87.6)(101.6)(.166 +/27.53)

+ (.8)(2387.6)(101.6) (.0082)(413)] = 826. kN

) For the rectangular wall specimens

-E”~= [(.8)(2413)(114.3)(.16608 +/27.53)
+ (.8)(2413)(113.3)(.0054)(413)] = 684. kN

Table 5.2 shows the observed specimen strengths to be higher than those obtained with
the code assumptions. The reason for this difference is that the UBC code neglects the actual
material properties, the contribution of the boundary elements, the strain hardening of the wall
steel, and the effect of the floor slabs in restraining the opening of the shear cracks.

In this way the code provisions for shear strength are conservative for monotonic loads.
This agrees with the comparison made by Cardenas et al. of the ACI code provisions [35] with
experimental results for walls under monotonic loading [47]. But it should be noted that for the
case of cyclic loading the shear strength can drastically drop and the code provisions are not
intended to take this into account.

(8 Maximum Shear Strength Compared to Ordinary Beams

It is interesting to note that the maximum shear stress levels obtained in the structural
wall specimens are in general higher than those obtained for ordinary beams [24,41]. While
under cyclic load conditions v, values of 1.116 -\/j—, MPa were obtained in this investigation for
ws=4. For this same u; the upper bound for beams is of the order of 0.55 \/Z MPa. Several
factors account for this better performance.

1.  The arch or truss action {the flow of compressive stresses that can develop between the
load and the support), is most effective in the case of deep beams and is similar to the
flow of compressive stresses in structural walls. Experiments in panels with no reinforce-
ment [48] have shown that the shear strength decreases with the slenderness ratio (Fig.

5.6).

2. When large lateral forces are applied, the region of the cross-section in the compression
side of the neutral axis is subjected to high shear and axial compressive stresses. In a
structural wall the confined concrete boundary element in this region is very effective in
taking shear stresses.

5.1.2. Stiffness
(a) Uncracked Stiffness

The material nonlinearities at load levels below the flexural cracking load can be
assumed to be small enough to allow the use of linear elastic methods. The elastic deformation
at the third floor level 87 can be expressed as:

83(, = afshe’w + 63( fiexural + 61( Jixed end (5.5

1) Flexural Stiffness (see Fig. 5.7)

h
, M(h) [hy—=h] dh
65 ,flmuralzb(f E;[ (56)
y o hi hi
_E(.I[ 3 + (h,—h;) 5 1 (5.7
for the framed walls, and
4 hi hi
—_— g 2 S
T [.79 3 + (h,—Hhy) 5
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0.1038(h3) 0.0974(h})
3 * 3

0.1038 K3 0.0974 h{

3 (hy—hy) + 5 (hy—h)]

for the rectangular walls (see Fig. 5.7).
In these equations:
hy = height of third floor slab over the foundation level = 3001 mm
h, = effective shear span = 4383. mm
I = 248x10°mm* (framed wall)
= 172x10%mm* (rectangular walls)
E_ = 21300 MPa (this value is taken Ref. [9])

(

The flexural stiffness can then be computed as
B jiox = 2.88 mm/MN

K§ e = 0.346 MN/mm
for the framed walls, and replacing:
h, = 3851 mm
f; = height of second floor slab over foundation level = 1829 mm
Ay = 1219 mm

For the rectangular walls it can be obtained:
85 e = 2.984 mm/MN

KS o = 0.436 MN/mm

2) Shear Stiffness

k
84 swr = —G—EA— f Vin) dn (5.8)
v 0

Where F is a form factor that for 1 sections can be taken as 6/5. A4, can be taken as the area
of the web:

A, = 243x10% mm’ (Framed walls)

A, = 280x10° mm? (Rectangular walls)
and
E
¢ = 3a-y 59

From Ref. [9] the value of v is taken as 0.2 for confined concrete.

21300
= 21300 ee75 mp
G = TUton ~ 887> MPa

8¢ hoar = 1.66 mm/MN
0.600 MN/mm

'Y
K3 shear

for the framed walls, and
K§ shear 0.743 MN/mm

for the rectangular walls.



3) Total Stiffness

The fixed end rotation deformation component is small enough so that its contribution to
the total stiffness can be neglected.

The total stiffness can then be estimated as:

KS = — 1 1 (5.10)
+

KE? Sex K’§ shear
= 0.220 MN/mm for the framed walls
= 0.230 MN,/mm for the rectangular walls

Figures 5.8 and 5.9 show the initial portion of Figs. 4.2 and 4.46 greatly eniarged, with the
initial stiffness values shown. Table 5.4 shows the comparison of the analytical and experimen-
tal results. It can be observed that the agreement is good.

{b) Cracked Stiffness

The stiffness of the wall after flexural cracking can be ascertained assuming that the con-
crete does not take tension stresses.

Analysis was made accounting for the realistic stress-strain characteristics of materials, the
contribution of the vertical wall panel reinforcement, the effect of axial load, and by assuming a
linear strain distribution along the wall cross-section, and a linear curvature distribution along
the height of the wall.

1) Flexural Stiffness
The flexural stiffness for the framed walls is:

K o = 0.201 MN/mm

which is a decrease in flexural stiffuess of 1.718 times.
The flexural stiffness for the rectzngular walls is:

§ e = 0.197 MN/mm

which is a decrease in flexural stiffness of 1.692 times.
2) Shear Stiffness

Assuming that the flexural cracks do not interfere with the shear stiffness, the procedure
used in section 6.1.2.1 gives:

KS ooer = 0.600 MN/mm

for the framed walls, and
K% siear 0.743 MN/HH?I

for the rectangular walls.
3) Overall Stiffness
The specimen’s overall stiffness, according to Eq. 5.10 is

K¢ = 0.151 MN/mm

for the ramed walls, and
K¢ = 0.156 MN/mm

for the rectangular walls.

Comparing experimental and anslytical values (see Table 5.4) it can be concluded that
while for framed walls there was a good agreement, for the rectangular walls the agreement
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was not so good (15% difference).
(c) Stiffness at Initiation of Yielding

Al the point initial yielding took place, the walls in this investigation presented widespread
diagonal cracking. This type of cracking is characteristic of deep members subjected to high
shear stresses, and significantly affects the stiffness values.

1) Flexural Stiffness

Assuming a linear variation of curvature along the height of the wail, and on the basis of
results of the analytical determination of the moment-curvature relation (Figs. 5.3 and 5.4):

K3 e = 0.147 MN/mm

is obtained for the framed walls, and
K v = 0.150 MN/mm

is obtained for the rectangular walls.
2) Shear Stiffness

As previously mentioned, at the point of initial yielding there is widespread flexural and
diagonal tension cracking. Under these conditions, the initial uncracked deep shear beam
mechanism is no longer effective. Most of the shear strength is provided by compression
stresses developed along diagonal concrete struts, and by tension in the wall reinforcement.
There is also a contribution of interface shear transfer and the dowel action.

At this stage, the determination of the shear stiffness is a difficult problem: there is not
much useful knowledge in the available bibliography concerning this subject, which is further
pursued in the next chapter, where a possible solution is suggested.

In the present Section, a rough estimate of the shear stiffness is made by recognizing that
at the point of initial yielding there is widespread flexural tension cracking in the tension boun-
dary element, and there are also diagonal shear cracks in the panel (Fig. 4.6). The assumption
that only the portion of the concrete that remains uncracked is effective in taking shear stress,
(that is, the effective shear area is the portion of the cross-section at the base of the specimen
which is in the compression side of the neutral axis) neglects the contribution to the shear
strength given by the wall reinforcement, the interface shear transfer, and the dowel action.
The shear stiffness can be calculated as:

KY ooy = 0.213 MN/mm

for the framed walls and
KY gear = 0.226 MN/mm

for the rectangular walls
3) Overall Stiffness

The overall stiffness values are shown in Tables 5.4 and 5.5, Note that the overall
stiffness found in the basis of the observed third floor displacements does not agree with that
obtained by adding the individual observed deformation component stiffness. The reason for
this is the limited range of accuracy of the instrumentation used to measure the shear deforma-
tions. The stiffness found in the basis of the third floor displacements is more reliable.

(d) Comparison With Experimental Results, and Observations on Stiffness Values

The experimentally observed values for the secant stiffness are shown in Figs. 5.8 and 5.9
and compared to the computed values in Table. 5.4, with a breakdown of these stiffness values
into components shown in Table 5.5,

While a very good agreement is obtained for the initial uncracked section stiffness, the
computed values in general overestimate the observed results.
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1) Flexural Stifiness

The main difficulty is that the curvature distribution is a function not only of the
moment distribution, but also of the shear. Diagonal shear cracking reduces the effective El of
the cross sections above the foundation. As shown in Fig. 5.11, in order to maintain equili-
brium after loosing the concrete tensile stresses, the axial force 7, at the top of the boundary
element increases, and approaches the value of the axial force at the base of the wall Tz. This
can be interpreted as a truss effect, and is also illustrated in Figs. 5.12 and 5.13. In Fig. 5.12
it can be observed that the actual curvature distribution resembles that of the beam theory only
at the sections where diagonal cracking is restrained (i.e. at the foundation and floor slabs). At
the upper portion of each panel, where the diagonal cracks are open, the actual curvature distri-
bution resembles that found by using a "truss analogy" in which the stresses in the boundary
elements are constant along each span. The flexural stiffness values computed by beam theory
agree with the observed ones (Table 5.5) tecause the differences in curvature distribution aver-
age out. Figure 5.14 shows curvature distributions for Specimens 4,5, and 6 following a similar
pattern.

2) Shear Stiffness

The largest error in the estimation of the specimens’ stiffness is in the shear stiffness
(Table 5.5). This indicates that the shear resisting mechanism is more flexible than that
assumed in the compulation.

Is very hard to ascertain the degree of restraint that the slab, cracked pane! and boundary
elements present to the shear deformations. This is the subject of one section in the next
chapter.

5.1.3. Deformations of Structural Wall Specimens

In this section the deformations observed in the test specimens are discussed. Emphasis
is made on the deformation components and on the maximum deformations. The accurate
analytical prediction of defermations in reinforced concrete members subjected to high shear
stresses is very difficult. The deformation at different loading stages can be computed on the
basis of the strengths and stiffnesses determined in the previous sections (Sections 5.1.1. and
5.1.2.). Figures 5.8 and 5.9 show the deformations at: 1) flexural cracking, 2) diagonal shear
cracking, and 3) initial yielding. It can be observed that the agreement with the experimental
results after shear cracking takes place is not very good. Better procedures are suggested in the
next chapter.

There is a need to predict the maximum deformation capacity of a structural wall because
it gives an indication of the ductility avai able under extreme loading conditions. This max-
imum deformation is defined as the deformation that can be reached before failure or a
significant drop in strength is reached (the lateral load strength dropping below that correspond-
ing to the working load strength). The fzilure mechanisms limiting the deformation capacity
are discussed in Section 5.2.

(a) Observed Behavior

Some of the observed maximum specimen displacements are listed in Table 4.1. But in
order to discuss in a more systematic manner the deformation capacities of the specimens,
Table 5.6 presents the deformations in terms of the deformation components at different stages
defined by nominal ductility levels, and Table 5.7 presents the deformations in terms of the
story drift index at the onset of failure for various panels. The inter-story drift indexes are
computed on the basis of the measured differences in the horizontal floor displacements
between the adjoining floors divided by the story height and are defined as:

8t+l - 8!
h/+1 - h!

R, = (5.11)

The story drift index R, computed this way has two components at a given story i (see
Fig 5.10): R,,, the rotationa! drift index caused by the rigid body rotation (the accumulated
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, . . . th . el
effect of the rotations in stories below the i— floor level), and the tangential drift index R,

caused by the deformations in the i’—h story. Because of this the story drift computed for the

second and third story does not exactly represent the pane! deformations corresponding to those
stories. Nevertheless the R, values shown are important because the structural walls are the
main lateral force resisting elements in the prototype building, and these values give an idea of
the actual inter-story drifts that the space frame columns in the prototype must undergo.

It is important to know the maximum panel deformations that can be obtained. For this
reason the tangential drift index R, is presented in the same table, for the panels where
failure took place. In the virgin walls, failure always took place in the lower part of the first
story panel, while in the repaired walls failure was obtained in the second or third story panels.
1) Deformation at first yield of reinforcement

The tangential drift index at which initial yield was obtained ranged from 0.0035 to 0.0039
with an average of 0.0036.

2) Maximum Deformation

The maximum observed story drift index is that corresponding to the first story in Speci-
men 3, which reached 0.0623 under monotonically increasing loading {corresponding to 1 nomi-
nal story drift ductility of 16). In a realistic case, the columns in the prototype’s first story
frames are subjected to a high axial force, and they will require excellent detailing in order to
develop the ductility to accommodate this deformation.

Specimen 4 reached a story drift index of 0.0261, with an overall cyclic story drift (the
sum of the maximum overall story drift to the north and the maximum overall story drift to
the south) index of 0.0518 (0.0257 + 0.0261) before devetoping a flexural shear failure. The
rectangular cross-section walls were not able to develop as large deformations because of the
stability failures associated with their geometric characteristics as will be elaborated upon in Sec-
tion 6.2, Specimen 3 develeped buckling of the boundary clement at a story drift index of
(.0238 and at an overall cyclic story drift index of 0.0244. Specimen 6 subjected to load rever-
sals developed buckling of the boundary element at a story drift index of 0.0193 with a nominal
story drift ductility of 5.34.

The repaired walls as shown in Table 5.7 developed the largest story drifts in the upper
panels. The reason for this was the stiffening and strengthening of the first story during the
repair procedure. In general the repaired walls were not able to develop as large a story drift
index. The main reason for this is that the longitudinal reinforcement had been previously
strain hardened and welded, and consequently had a much lower ductility capacity. Several of
the failures (Section 5.2) included rupture of the tensile reinforcement.

3) Comparison With Code Values.

All walls yielded before reaching the UBC {32] and SEAQC [33] allowable story drift
index of 0.005K = 0.004. In other words, the level of deformation that can be reached in the
specimens before vield is smaller than that specified by the codes. While the UBC and SEAOC
drift limitations are for deformations under the lateral forces specified by the code, the ATC
recommendations specify the expected drift value during nonlinear response as being less than
Cy 8./ Ah where C; is a coeflicient specified by the code as 6.5 for dual wall-frame systems,
and 8,, / Ah is the drift obtained from an elastic analysis for the ATC forces. This elastic drift
is specified to be always less than 0.0023 for dual systems. In this way according to ATC the
expected drift during nonlinear response is at most 0.015. The maximum drift values observed
in the tests of the virgin specimens (Table 5.7) were in all cases greater than 0.015. This
means that if the ATC limit was based only on a maximum inelastic strain that the wall can
supply, ATC indeed underestimates the maximum drift that can be supplied by these walls.

(b) Deformation Components

The deformation capacity of a structural wall is controlied by the failure mechanisms that
can develop (Section 5.2). In specimens under strictly monotonic loading and properly
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designed so they can resist the shear corresponding to the maximum moment capacity, the
type of failures most likely to take place are the the rupture of the tensile steel and/or an insta-
bility failure in the compression element. These failures are related to the axial strains in the
boundary elements. The moment and curvature corresponding to these limiting strains can be
predicted from beam theory (Section 5.1.1). This is better done if the effect of load reversals,
because of the shifting back of the neutral axis when the specimen strength drops, is taken into
account (see Fig. 5.5). But determining the moment curvature relationship for the cross-
section, or the maximum curvature that “he specimen can undergo, is not enough to determine
the overall force deformation nor the maximum deformation capacity of the specimen. To
achieve this it is necessary to determine the curvature distribution along the specimen, the
shear deformations along the specimen, and the fixed end rotation caused by the bond slip of
the tensile reinforcement embedded in the foundation. While the latter is not as important in
the case of the specimens tested, the other two components are very significant, and interact
with each other closely.

In specimens subjected to cyclic loading conditions the deformations are limited because
of deterioration of concreie, and the development of cyclic failure mechanisms associated with
the load history and characteristics of the specimens (Section 5.2). As a general rule the overall
cyclic deformation (the total deformatior during a full loding reversal) under cyclic loading was
found to be at least 75% of the deformation reached under monotonic loading. For the framed
and rectangular walls 78% and 74.5% were obtained respectively, while Wang [1] reports 75%
for framed walls. Since the cyclic load history with full reversals used in testing the specimens
was very severe, and not likely to take pace in practice, the overall deformation capacity under
a realistic ground motion could bhe expected to be over 75% of the deformation capacity under
monotonic loading conditions.

1) Curvature Distribution

As mentioned in Section 5.1.2, the curvature distribution along an element subjected to
high shear stress is affected by the redistribution of stresses when cracking takes place. In Fig.
5.11, taking moment equilibrium about point A at the onset of diagonal cracking, and repeat-
ing the procedure with the same external forces, but with the diagonal crack opened, it can be
seen that the disappearance of the tensils concrete stresses f, causes an increase in the tensile
force 7T, so it approaches the value of 74 There is also an increase in the tensile stress of the
wall reinforcing steel f;, but in order to simplify the presentation the force introduced by these
stresses is neglected. (The difference between T and 7, was estimated as between 2 and
14%). The condition of Ty = T, can bz conceptually represented by an equivalent truss (see
Fig. 5.12). In this truss there is no element taking diagonal tension, and the force along BC is
constant. Consequently, as shown in the same figure , the curvature distribution in the framed
wall approximates the curvature distribution in an "equivalent truss".

The geometry of this equivalent truss is such that the slope of the compression diagonals
6 follows the direction of the compressive stress trajectories. Since the stress distribution
changes with the development of the cracks, the angle 9, or the topology of the "equivalent
truss" in general, changes with the load lzvel and the crack propagation. This phenomenon can
be observed in Fig. 5.13 where the curva:ure distribution at the initiation of yielding, and at the
maximum displacement level is shown. At larger displacements widespread cracking causes the
curvature distribution to be more uniform, but still the curvature values at the sections away
from the fixed end are higher than those predicted by the beam theory (Fig 5.13(b)). Note
that the moment curvature relationship computed for the section at the base of the wall is in
better agreement with the observed values because the foundation block restrains the opening
of the diagonal cracks.

The curvature distribution at high load levels, is shown in Fig. 5.14 for Specimens 4,5,
and 6. The distribution patterns in them also resembles that of the truss analogy. This is further
pursued in the next chapter on analytical modeling.
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2) Fixed End Rowtion
This deformation mechanism (bond slippage of the reinforcement at the fixed end) is not
as imporlant in the case of structural walls as it is in the case of ordinary beams [24, 49]. As
shown in Table 5.6 the third floor displacements because of fixed end deformations amount to
7 to 11% of the total third floor displacement. There are several reasons for this:
a) For the same amount of bond slip the displacement of the free end in a deep beam is
less than in a normal slender beam (Fig. 5.15).
b} The longitudinal reinforcement in the specimens tested was well anchored into the
foundation.
Note that the models were designed according to the code requirements for the prototype.
According to the UBC code, Section 2612(f), the basic development length shall be
{(modifying the equations for SI units):

For a #6 bar (using the design values)

£
I, 2 0.019 A,— = 4242mm
NI
2 0.058 d,/, =457 1mm
For a #18 bar
I, = 33.65 —E— = 2651mm

N
But for either case, according to Section 2626(e) not less than 609.6mm. Scaling down the
requirements for the #18 bar:

Lo
_ ld prowmype
ly model 3 = 883mm

which is larger than the development length required for the #6 bars. The actual develop-
ment length used in the specimens was over 1000 mm.

¢) The structural wall has vertical reinforcement distributed in the panel. This reinforce-
ment contributes to the effective surface area of the tension reinforcement

d) While the maximum tensile reinforcement ratio in a flexural member is limited by
p, < 0.025 [UBC Section 2626(e)], the reinforcement in the boundary element of a
structural wall is limited by p< 0.06, [UBC Section 2626(f)]. But if the average steel
ratio p for the whole structural wall cross-section is calculated, a low steel ratio is
obtained. For the walls tested p = 0.0191 for the framed walls, and p = 0.0170 for the
rectangular walls were obtained.

Since the uncracked walls have the same amount of stee!l in tension as in compression (if
the axial load is neglected), the tensile steel ratio can be assumed to be
p,~= p/2 = 0.0096 for the framed walls, and 0.0085 for the rectangular walls. This value
is under the 0.025 maximum the code specifies for flexural members (if the effects of
axial loads and cracking are considered, the p, values reach 0.012 and 0.011 respectively).

e) The very good conflinement provided for the columns was continued into the founda-
tion, and prevented the formation of splitting cracks around the longitudinal bars.

3) Shear Deformations

The shear deformations along a specimen are very hard to ascertain. While in specimens
subjected to monotonic loading they are almost a constant factor of the flexural deformations
(83 yowr = 0.46 83 ;1,0 For Specimen 3. and 83 .., = 0.43 83,40 fOr Specimen 5 before
failure takes place as shown in Figs. 4.12 and 4.54). In the case of specimens subjected to
cyclic loading, this ratio increases with the number of load reversals and intensity of the defor-
mation. As shown in Figs. 4.18 and 4.60, when the maximum deformations are reached, the
shear deformations 6; ,,, reach values of 0.87 and 0.53 &, ,, for Specimens 4 and 6
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respectively.

There is a need to better understand the mechanisms of shear deformations and shear
transfer, and their interaction with the moment and axial force. It is necessary also to take into
account the change in topology and the redistribution of stresses with cracking. These subjects
are further pursued in the next chapter.

5.1.4. Energy Absorption and Dissipation Capacity of Specimens
(a) External Energy Input

The energy transferred to the specimen is the total work done by the external loads. The
external loads on the specimens tested are the forces in the lateral and vertical jacks, and the
friction forces in the teflon sliding pads supporting the specimen. The work done by the fric-
tion forces is believed to be negligible, the work done by the net axial force is also small (10%
of the total deformations before yield. When the flexural loads cause inelastic deformations and
lengthening of the boundary elements, the net work done by this external compressive force
may become negative [1]).

(b) Internal Energy Dissipation

The internal energy dissipated by the specimens is computed by integrating the stresses
multiplied by the corresponding strains over the whole volume and over the whole time
domain:

Internal Enerzy = f f T éydv dt
I v

where v is the volume of the specimen, and i,j are the directional indexes. For a two dimen-
sional beam subjected to shear, axial force, and in plane bending moment, using the assump-
tion that plane sections remain plane, this equation can be simplified as in [1]:

Internal Energy = D.8h + ffM(h)q?)(h) dh dt + ffﬁzdv dt

t h i
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where D is the dead load on the specimen,

64 15 the net axial deformation of the specimen,
th

(M), (éf)u,‘ and ! are the average moment, rate of average curvature and length of the i —
region respectively (Fig 3.4).

V., (y,)a‘. and /, are the shear force, rate of shear deformation and length of panel respectively,
M, is the moment at the base and

é_,—,,[,d wng 15 the rate of rotation produced by the slippage of the vertical reinforcement inside the
footing of the specimens.

This equation can be modified again replacing:
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where:
83 flexurar i @0d 83 g, ; are the rate of flexural and shear displacement at the third floor level,
caused by the flexural and shear deformations at span i respectively.

h, and A, ,, are the shear and the average height of the /¥ region over the foundation respec-
tively, and

h'y is the height of the third story.
A new expression is then obtained:

z . hv_hv av
Internal Energy = D.&h + fdt Y VB3 frexural 1 TR
! i=1 3T ay
3 . .
+ J-dtz ]/483 shear i + fdt v 83 Jixed end (513)

t =1 i

In this way the interna!l energy can be computed by integrating the area under the base shear-
third floor displacement curves presented in Section 4.3.

Figure 5.16 shows the energy absorption characteristics for the different specimens at
selected cycles. For Specimen 3 in Fig 5.16(a) it can be observed that while the internal energy
i1s absorbed before yielding almost equally by the shear resisting mechanism and the flexural
mechanism, after the specimen yields, the largest internal energy absorption component is the
flexural one. Also, the rate of increase in the total energy absorption of the system is almost a
linear function of the tip displacement &,.

In order to observe the effect of load reversals in the energy absorption characteristics of
the specimens, Fig 5.16(b) is presented for Specimen 4 after it was subjected to a cycle with a
nominal deformation ductility of 4. The variation of the internal and extcrnal energy absorp-
tion characteristics when reloading in the second cycle at ductility 4 (LP 85-86 in Fig 4.14) is
shown. The most striking difference with Specimen 3 is the total energy, which is much lower
than for the monotonic case, and increases almost parabolically with the overall displacement
(the displacement &; is referred to the residual third floor deformation at LP 85). It can be
seen that for the initial deformation range the main energy absorption mechanism is the shear
deformation. This is so because most of the deformation in this range is by shear sliding along
open cracks with only a small increase in the lateral load strength of the specimen. When the
open cracks in the compression region start closing and the strength of the specimen increases,
the main energy absorption mechanism becomes the flexural one.

The effect of the repair procedure can be observed by comparing Figs. 5.16(a) to 5.16(c).
While the total energy curve for Specimen 4R is almost as steep as the original monotonic
Specimen 3, it does not have as much energy absorption capacity in the initial range of defor-
mations. This is because the second floor panel in that specimen had already been damaged
(Fig. 4.28). Since the cracks in that panel are small, it takes only a relatively short deforma-
tion to close them, and the energy absorption characteristics of the specimen improve. One
striking difference in the way the internal energy is being absorbed is that in the repaired
specimen the flexural and the shear absorption mechanisms contribute aimost equally to the
internal energy absorption, while in the original specimens the shear mechanism was not as
effective. The reason for this is that in Specimen 4R most of the energy is absorbed in the
second story panel, which is subjected to a lower moment-to-shear ratio than the criticat panel
of Specimens 3 and 4. For this reason the shear deformations account for relatively more of the
internal energy absorption.

The energy absorption characteristics for Specimen 5 are presented in Fig. 5.16(d). When
these are compared to Fig. 5.16(a) the much lower energy absorption capacities caused by the
lower strength and ductility obtained for the specimen is apparent. The patiern of energy
absorption mechanisms is in general similar to that of Specimen 3.
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Figure 5.17 shows the energy dissipation normalized as energy dissipated per cycle divided
by one half of the maximum displacement variation for each cycle.

The results are compared to those of the ductile bare and infilled frames tested by
Klinger and Bertero [S0]. These frames were one-third scale models of structural subassem-
blages of an eleven-story building. It can be observed that the normalized energy dissipation
capacity of bare ductile frames is much smaller (by a factor of almost 20) than that of structural
walls for a building of similar height. When the results for structural walls are compared to
those of ductile infilled frames it is observed that the energy dissipation characteristics of struc-
turat walls is relatively better, with the normalized energy dissipation capacity increasing mono-
tonically for an increase in displacement. In the infilled frames the dissipation capacity
decreases with the deterioration of the panel.

The comparison of the rectangular and framed structural walls subjected to cyclic loading
shows an interesting result: the maximumn strength and deformation in the rectangular wall are
smaller, but the slope of the normalized energy dissipation capacity is larger. This is probably
caused by the iower shear stresses in_the thicker panel of the rectangular wall (a maximum of
0.67 \/f, MPa compared to 0.876 \/7( MPa for the framed wall), because the "pinching" effect
in the hysteresis loops is related to the shear stress level. The values observed for the mono-
tonically loaded specimens are in both cases greater than the cyclic ones by a factor of almost
two. The normalization procedure (divicling the absorbed energy by one half the displacement
variation) is misleading in the case of Specimen 3 which was displaced in only one direction

(Fig. 4.2).
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5.2. Failure Mechanisms

5.2.1. General

Failure of a properly designed ductile reinforced concrete structure does not take place
suddenly. There are usually several stages leading to the collapse of the specimen, and several
failure mechanisms developing simultaneously and interacting with each other (i.e. concrete
crushing and buckling of the longitudinal reinforcement}. The initiation of failure is considered
to be the point at which a significant drop in strength can be observed in the overall force-
deformation diagram. Failure itself is defined in this report as the condition in which the struc-
ture is no longer capable of supporting the service lateral loads, even if it remains standing and
holding the vertical dead loads. And finally, collapse of the structure is the inability of the
specimen to remain standing holding the vertical dead loads.

The dominant failure mechanism is a function of the specimen’s characteristics, and of
the type of excitations to which the specimen is subjected. Shear reversals, for example,
increase the possibility of flexural shear failure in the panel. Also, several failure mechanisms
take place simultaneously and/or trigger one another. For example, buckling of the longitudi-
nal reinforcement and simultaneous rupture of the lateral reinforcement with loss of lateral
confinement is commonly observed in axially compressed boundary elements. The cobserved
failure mechanisms are enumerated in Table 4.1 and elaborated upon in the following pages.

5.2.2. Buckling Mechanisms

Specimens 4, 5, and 6 (Sections 4.3.1, 4.3.5 and 4.3.6) had stability problems. This is a
mode of failure that is often neglected in reinforced concrete design.

The observed buckling mechanisms can be classified as:
(a) Local Buckling of Longitudinal Reinforcement

The longitudinal reinforcement bars in compression might buckle during the initial por-
tion of a monotonic loading program, as was observed at LP 76 in Specimen 3 (See Figs. 4.2,
4.7 and Section 4.3.1).

This local buckling mechanism is similar to the one observed in reinforced concrete
columns loaded monotonically in compression and is elaborated upon in Ref. [9]. As explained
in that reference, this type of buckling is caused primarily by the reduction in the modulus of
elasticity of the compressive longitudinal reinforcement in the strain hardening range (Fig.
2.13).

The determining parameters involved in this buckling mechanism are: the bar diameter
(d), the stirrup spacing (s), the compressive stress strain diagram for the steel, and the
effective length factor (K). The length factor is a function of the construction workmanship.
In Ref. [9], it is assumed that the longitudinal reinforcement has rotation free and translation
fixed support conditions at the points of contact with the latleral reinforcement, resulting in a
value of K=1.

By using this assumption, in that reference analytical agreement was obtained with the
observed values of buckling strain (0.023 to 0.03 m/m) for specimens identical in
configuration to the boundary elements in the framed wall specimen (Specimen 3). Figure 5.18
shows that the largest average compressive strain at the base of the north column in Specimen
3 was 0.021 m/m which is slightly under the lower bound of Ref. [9]. The strain distribution
along the element’s cross-section is not uniform, as was the case in the column specimens [9].
The strains at the extreme compression bars are higher. Gage Cl1 in Fig. 3.5 was not able to
record strains beyond 0.04 m/m, and the maximum strain reached in this bar is not known.
The gage in the innermost bar (gage C2 in Fig. 3.5} reached a maximum strain of only 0.0031
m/m (not shown). Assuming a linear distribution of strains along the base of the compression
element’s cross-section (this is not exact because of the very high shear stresses at that section)
the maximum compressive strain can be estimated as 0.047 m/m, which is beyond the local
buckling strain. (Note that clip gage C11 is not exactly at the center line of of the column.).
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It can also be observed in Fig. 5.18 that the final drop in strength was initiated at LP 75,
when the average strain in the column cross-section was 0.01 m/m (which coincides with the
strain at which the confined concrete reaches the maximum stress [Fig. 5.2]).

Consequently the failure of Specimen 3 can be interpreted as flexural failure because of
excessive compressive strain in the boundary element.

(b) Buckling of Boundary Element After Spalling of the Concrete Cover

This type of failure was observed in Specimens 5 and 6 (Sections 4.3.5 and 4.3.6).

In the case of Specimen 5 (Section 4.3.5) the initiation of failure was caused by an
unsymmetric spalling of the concrete cover (Figs. 4.52 and 5.19). At the point spalling ini-
tiated (LP 273 in Fig. 4.46) the average sirains at the base of the north boundary element were
recorded as 0.00298 by gage K11, and (.0047 by gage CI11 (Fig. 3.4). While spalling was
observed in the unconfined concrete cover at the top surface of the specimen, the cover on the
lower part of the specimen presented no signs of spalling (Fig 5.19). In this slender rectangular
boundary element the cover thickness (equivalent to the 38 mm code requirement for the pro-
totype) comprises 28% of the confined core thickness and 52% of the moment of inertia about
the weak axis of the column. These percentages are further increased when some arching
action penetrates the confinement region (Fig 5.19(a)), an eccentricity was created in the
cross-section. This further progressed with an increase in load, causing out of plane bending at
the base of the boundary element.

At LP 309 the strains recorded by gages K11 and C11 were respectively 0.0072 and
0.0097. At this point the upper surface completed spalling and a tie ruptured with the capacity
of the specimen dropping, and buckling of the longitudinal reinforcement following (Fig. 4.51
and 5.19[c]).

In Specimen 6 failure took place in a similar way (Section 4.3.6), being triggered by the
spalling of the concrete cover on only one side of the boundary element (Fig. 5.19{cD). In this
case the load reversals caused a deterioration of the unconfined concrete strength.

In order to illustrate this deterioration, the strain histories recorded by clip gages Cl and
K1 (Fig 3.4) at the base of the wall during the last three cycles at ductility 4 are shown in Fig
5.20(b). The difference in the strain readings at LP 535 in this figure is caused by the open
crack at the interface between the foundation and south boundary element. This difference
varies only slightly with the first load reversal (LP’s 535-589), but in the next cycle this
difference is reduced because of the out of plane deformation of the boundary element, which
causes an elongation to be recorded by clip gage K1 (Fig. 5.20ic]). This means that buckling
was actually initiated in the second cycle at ductility four even if the load (Fig. 5.20la]) does
not drop a significant amount. At LP 641 when loading the specimen to the north, the tension
in the south boundary element is not enough to straighten it, and a residual out of plane curva-
ture remains.

When the specimen was loaded to the south, introducing compression in the south boun-
dary element for the third time at this ductility level, column buckling was observed before
reaching the previous load level (Fig. 5.20[al).

{c) Buckling of Boundary Element with Residual Open Cracks
This buckling mechanism was observed in the south columns of Specimens 3 and 5 (Sec-

tions 4.3.1 and 4.3.5) when reversing the load after opening of large tensile cracks in the boun-
dary element.

This mechanism is caused by the reduction in the moment of inertia in the cracked sec-
tion because of residual tension cracks, and by the reduction in the modulus of elasticity of the
longitudinal reinforcement steel because of the Bauschinger effect.

The tensile strains observed along the south column in Specimen 3 are shown.in Fig.
5.21. The determining parameters for this type of buckling are the residual crack width and
their spacing, the effective EI for the elements’ cross-section, and the effective buckling length
K!,. In order to clarify this mechanism, the results obtained for Specimen 3 are studied in
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detail.
1) Crack Width and Spacing

For the first 381 mm gage length at the base of the column, the overall lengthening at LP
76 was 39.1 mm. If the residual tensile strains in the concrete are neglected, the width of all
the cracks in this gage span should total 39.1 mm, The strain distribution along the longitudi-
nal steel is not uniform, but in order to simplify this presentation the strain distribution is
assumed to be piece-wise linear as shown in Fig. 5.21(c). The crack width can be determined
by the strain distribution and the crack spacing.

In order to be able to determine the crack spacing, the cracking mechanism should be
understood. The longitudinal steel subjected to tension introduces, through the bond mechan-
ism, tensile stresses in the concrete. When these tensile strains exceed the tensile concrete
cracking strain (which can be taken as 0.0002 m/m) [51] tensile cracks occur. The stresses at
the crack surface are released and a tensile crack opens in the concrete.

The lateral reinforcement which is tied to the longitudinal reinforcement determines the
location of regions of stress concentration (reduced concrete cross-section, Fig. 5.22) and
explains the crack spacing in the boundary element being similar to the tie spacing s (Figs. 4.8
and 4.53).

The crack width A, can now be ascertained under the assumptions of the longitudinal
strain distribution in the reinforcement being as shown in Fig. 4.20(c) and the crack spacing
being equal to the lateral reinforcement spacing s :

A, = s¢; (5.14)

with the widest crack measuring
A, = (33.8)(0.1311})= 4.43 mm

which is in good agreement with the 4.7 mm observed experimentally (Section 4.3.1) and indi-
cates that the cracks are completely open in the lower part of the south boundary element.

It should be noted that the crack at the base between the column and the foundation is
larger (6 mm), because of the bond slip of the reinforcement in the foundation. Also, some 6
mm cracks were open in the panel because the crack spacing is larger than in the column.

Under similar assumptions, the largest crack opening can be approximated at LP 80, the
point at which buckling initiated, by taking the average reading from gages Cl and K1, (Fig.
3.4) as shown in Fig. 5.21.

Ac = se;, = (33.8)(0.1058) = 3.6 mm

[n general the EI of the boundary element’s cracked cross-section increases with the
height above the foundation (some discontinuities can occur because of the cracking), because
of the higher moment of inertia of the cracked concrete cross-section when crack widths are
small.

In the case of the longitudinal reinforcement, the moment of inertia of the steel cross-
section remains constant, i.e. in Fig. 5.23, the moment of inertia of the steel cross-section with
respect to axis 1-1 is:

m (9.52)¢

3 = 10.7635v10 s’

I = 6 (9.5202(101.6) +

On the other hand the modulus of elasticity for the steel reinforcement wvaries under
stress reversals, and can be ascertained if the strain history and the residual strains along the
reinforcement are known. This can be achieved by means of the generalized Ramberg-Osgood
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formulation developed in Ref. [24]. Th:s procedure considers two possible cases of first stress
reversals as shown in Fig. 5.24. One occurs in the elastic plateau range (Point A), the other in
the strain hardening range (Point A’). For the latter case, upon unloading the stress is reduced
elastically from A’ to A”’. The o —e relationship between A and B or A’ and B’, is given by the
Ramberg-Osgood equation:

Ty

=B (o] + alo,[" (5.15)
oy
where
e_,‘= (e,—€,4)/2¢, (5.16)
o= (o—0 )/ 20, (5.17

in which €, and o, define a point on AB (or A"B’), and €., and o, define a point A (or A"),
the parameters o, 8 and n vary with the residual plastic strain, €p ,,, which would develop
upon release of the previous loading (distance SO for point A, and SO’ for A”). For this inves-
tigation « and B8 were determined using;

235Pmax g3 (5.18)

€5

B = [140.7¢, — 03¢,/ < 14 (5.19)

ax =

where €, = epmax/(35x10*3) and a valuz n = 7 was assumed. With the instrumentation used

it was possible to obtain only the average strains for 381 mm gage lengths along the column.
The actual strain distribution is not uniform, i.e. in Fig. 5.21 the strains shown along the bar
are higher at the sections where concrete cracks are open, and are lower in the portions of the
bar in contact with the concrete, because the concrete takes some of the tensile stresses
through the bond mechanism. If the average steel strains are used to estimate the average steel
stresses along the bar as shown in Fig. 5.24, the modulus of elasticity of the steel is found to
vary along the boundary element from 8300 MPa at the base to 50200 MPa at the top of the
first floor. (Note that the modulus of elasticity could be even lower at the sections where the
cracks are open.) The effective El of th: steel cross section increases from 1.46x10'" N—mm?
at the base to 8.86x 10" I N—mm? at the top.

The concrete cross-section’s El also increases from the base of the element where the
cracks remain large, to 7.17x10" N—mm? at the top of the boundary element in the third
story where the cracks are closed.

The variation of the effective concrate cross-section is related to the crack opening. But it
is very difficult to ascertain the portion of concrele cross-section remaining in contact after
opening of a crack. This fact is complicated by the shear slippage along the cracks that cause
the crack surfaces to contact even in the case of very wide cracks (Fig 5.25). On the basis of
experimental resuits, the axial force carried by the concrete cross-section remaining in contact
after opening of a crack can be determined by computing the axial force taken by the steel
reinforcement, based on the siress-strain diagram for the steel (Fig. 2.13), and the modified
Ramberg-Osgood equation (Egs. 5.15-5.19). As an example, the steel stresses in region 1 (or
their average value along the 381 mm gage length, Fig. 5.21) are determined at LP 80 on the
basis of the recorded steel strain history.

At LP 76 the average strain recorded by gages K1 and Cl is 0.1036 m/m. The
corresponding stress (from the average experimental curve Fig. 2.13) is 800 MPa. The stress-
strain coordinates (o, €,,) of point A" are determined by unloading elastically to o, = o,
= 480 MPa.

(800 - o,

= 0.101
E;

€., = 01036 —
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The values of o, and o, can then be replaced in Eq. 5.17:
- (o, — 480)
75 T T 2x480
replacing the values of €, and ¢, in Eq. 5.16 in a similar way:

- _ 0075 — 0101) _
€s 2 x 00023 - >4

where 0.075 m/m is €,, the average strain recorded at LP 80 (Figs. 5.21 and 5.24).

Replacing the last two expressions in Eq. 5.15 a function in o, only is obtained. This

function is solved numerically to obtain o, the stress value at LP 80.

o, = —582MPa

By multiplying the stresses by the total longitudinal steel area, the axial force taken by the
steel is estimated as :

P

stee!

= B 4, 0, = 8x285x582 = 1328iN

Subtracting this force from the total compressive axial load, it is possible to determine the axial
force carried by the concrete, and therefore the portion of the concrete cross-section still in
contact, (The contribution of the wall to the section’s EI was neglected, which is reasonable
because: the neutral axis is very close to the compressive column; only a small portion of the
panel is in compression; and the residual open cracks are wider in the panel.)

= 2805/2.133 + 434 — 1328 = 421 kN

PCOH(‘!‘(’IP

where 2805 kN-m is the moment! at the base of the specimen at LP 80, 2.133 m is the center to
center distance between the boundary elements, and 434 is half the axial load on the wall.

Figure 5.26 shows the variation of the axial force taken by the steel and by the concrete
along the south boundary element and indicates that in the two lower 381 mm spans of the
boundary element the cracked concrete is 24% effective in carrying the axial load, and the
cracks can be assumed to be almost completely open. In the upper span the concrete carries
69% of the axial load with an average stress in the original gross concrete cross-section of 12.4
MPa or 0.37f,.

It can be gathered from all this that the effective EI for the concrete cross-section along
the height of the first story increases from 12.4% to 37% of the original concrete cross-section,
at the base and at the top of the boundary element, respectively. (The EI of the original con-
crete cross-section is 2.6x102N—~mm?.) The effective El for the composite steel-concrete cross
section (concrete EI + steel EI) varies from 1.02x10"2N—mm? to 2.24x10"2 N—mm?.

3) Effective Buckling Length for Cracked Column
The effective length factor K can be ascertained from Euler’s theory as

El
P

or

(5.20)

K=
ll‘f

where:
[, = 1143 mm, is the height between floors

El = 1.02x102N—mm? is the composite section’s effective EI at the base of the specimen
where the cracks are open {(conservative assumption)

P, = 1736 kN is the experimental buckling load
K =21
This means that the boundary element with residual open cracks has a very large effective
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length.
(d) Qbservations on Predictions of Stabiliy Failure
The possibility of stability failure is often overlooked in the design of reinforced concrete

structural walls. Some guidelines appear in Refs. [52,53] and it is of interest to see how they
compare to the results obtained.

The Architectural Institute of Japan [52] approaches the problem of buckling of the longi-
tudinal reinforcement by defining a slendzrness ratio for reinforcing bars X:
4s

d

A= (5.21)
where s is the stirrup spacing, and d is the bar diameter.

AlJ states (based on experimental evidence) that buckling is likely for A > 35, and
unlikely for A & 8. Based on this, and in order to prevent local buckling, the Japanese code
limits the stirrup spacing to s < 84 (A < 32).

In the specimens reported in this investigation the ratio of s to d is as follows:
s= 2.13d for the framed walls, and

s= 2.55d for the rectangular walls

According to the values shown, the specimens tested should not have buckled. But if the
values of A are computed, they are found to be 8.52 for the framed walls and 10.2 for the rec-
tangular walls. That is they are close to the lower bound of the transition range specified by the
All. It should be noted that these recommendations are based on results of monotonic tests
only.

On the other hand, Paulay [53] recommends that where the combination of flexural and
axial load can produce a compression strain of 0.015 m/m or more, the thickness &, of a rec-
tangular wall should be

B
10

b, > (5.22)

w
where 4, is the free height of the wall (Fig. 2.5).

For the rectangular walls of this investigation the A, is = 1.14 m, and é,. is = 0.114 m.
h,

5% = 10

Then according to both the AlJ and Paulay buckling should not occur. The discrepancy
obtained between the results of this investigation and the Japanese Code specifications for local
buckling is caused by the high compressive strain levels obtained in the tests. At a strain level
of 0.047, such as the one reached in the extreme compression bar in Specimen 3, the modulus
of elasticity of the reinforcing steel drops considerably, and the value of the Euler buckling load
is decreased.

Paulay’s recommendation of acceptable slenderness ratio for rectangular walls would fare
better if the value of b, were to be replaced by the smallest dimension of the confined concrete
core cross-section, This would be a reasonable procedure, because in general buckling is
reached at strain levels larger than those corresponding to cover spalling.

In conclusion, under monotonic load conditions there are two distinct types of buckling:

1. The possibility of local buckling as determined by the diameter of the longitudinal rein-
forcement, the spacing of the lateral confinement, the stress-strain characteristics of the
steel, the strain levels reached in the longitudinal steel, and the workmanship which
affects the effective buckling length. In order to reduce the possibility of local buckling,
large diameter bars and small lateral reinforcement spacing with high strength lateral



reinforcement should be used [9]. Good workmanship should provide for good contact
between the lateral confinement and the longitudinal reinforcement.

2. The possibility of wall buckling as determined by the ratio of the unsupported height of
wall to the thickness of the confined concrete cross-section.

Under load reversals the possibility of buckling increases because of the reduction of the
effective EI of the wall cross-section. This reduction is caused by the reduction in the moment
of inertia in the cracked concrete section because of residual tensile cracks, and by the reduc-
tion in the modulus of elasticity of the longitudinal reinforcement steel because of the Bausch-
inger effect. Buckling then is determined by the tensile strain reached in the steel and the crack
widths.

Paulay’s approach does not consider this possibility of opening of large tensile cracks that
can leave the steel only as contributing to the out of plane stiffness.

5.2.3. Shear Failure Mechanisms
(a) General

The shear resistance mechanisms can be classified as:
1) Shear resistance offered by the uncracked concrete.

This mechanism is the dominant one for loads below the cracking load level, and can be
assumed to take 100% of the shear in the uncracked specimen.
2) Aggregate Interlock and Dowel Action

As long as there is no shearing movement of the crack surfaces, the shear stress parallel
to the crack surfaces remains zero. However, if such movement occurs, substantial shear
stresses can be developed along open cracks because of the roughness of the crack surfaces
(aggregate interlock) and the presence of reinforcing bars crossing the cracks (dowel action).

3) Wall Reinforcement

The horizontal and vertical panel reinforcement crossing the inclined cracks contributes to
the shear strength of the wall.

These mechanisms are further elaborated upon in the next chapter.
{b) Monotonic Loading

In Ref. [1], the mode of failure reported for Specimen 1 tested under monotonic condi-
tions was crushing of the wall panel, which ts a failure of the shear resisting mechanism.
Although some panel crushing was observed on the specimens tested in this investigation, this
was not the principal mode of failure under strictly monotonic loading.

There are two reasons for this difference. The most important one is that the "monotonic
loading program" used in Ref. [1] was not strictly monotonic (Fig. 5.27) but included a severe
load reversal before the crushing of the wall panel. This reversal caused flexural and shear
cracking in the pane! that contributed to the final failure.

A second reason was the use of cross ties in the critical regions of the panels in the speci-
mens reported in this investigation {Fig. 5.28). These hoops contributed to the improvement of
the behavior in this region by providing some confinement and helping to delay the buckling of
the panel reinforcement.

Failure of the shear resisting mechanism was observed in Specimen 3R. This specimen
failed by crushing of the second floor panel {Section 4.3.4). It should be noted that this was
not a virgin panel, and that it was subjected to a different M/V ratio. This failure is elaborated
upon in Section 5.2.4.

{c) Cyciic Loading
The failure of the shear resisting mechanisms is more likely under cyclic loading. Speci-
men 4 (Section 4.3.2) failed by developing a sliding shear mechanism at the base of the first

story panel.



The development of the crushed concrete region can be followed in Figs. 4.14 and 5.29.
It is also interesting to observe the strain history recorded by gage W31 (Fig. 3.4), during the
last 3 cycles at ductility 4 (Fig.5.30).

At LP 80 a compressive strain of .0046 m/m was observed. This strain is beyond the
crushing strain value for unconfined concrete (Fig.5.2). Some of this strain can be accounted
for by shear slippage along a horizontal crack (Fig. 5.29[al). This shear slippage takes place
along some flexural cracks, and follows the location of the horizontal reinforcement. The rea-
son for this is that reinforcement, by disrupting the continuity of the concrete, creates a pre-
ferential failure plane.

The residual strain upon release of the load was 0.002 m/m (LP 81). With the application
of the next positive cycle, the cracks in the 539 mm length covered by gage W31 opened a total
of 13 mm, and when the cracks closed again an increase of diagonal strain with respect to the
previous cycle was observed. This increased shear slippage contributed to further deterioration
of the concrete in that region by grinding the crack surfaces. This process continued until LP
91A when the recorded average diagonal strain (strain in the uncracked concrete + shear slip-
page along the horizontal flexural cracks) reached 0.02 m/m, and the panel completely crushed,
leaving only the boundary elements as the effective shear resisting elements (Fig. 5.29[cl).
The boundary elements then performed as dowels, and the total shear strength of the wall was
limited by their shear capacity. Accorcing to this at LP 92 the compression and tension boun-
dary element resisted 700 kN. The tension boundary element is not as effective as the
compressive one in resisting shear because of the wide open tension cracks. Thus, a

v>0‘96\/7; (MPa)[ 11.4 \/Z(psr')] would have been developed in the compression edge.

Specimen 5 developed a flexural shear failure upon only one load reversal (LP 526, Fig.
4.46). As explained previously in Section 4.3.5, the previous buckling of the north boundary
element and a portion of the panel had badly damaged the specimen. Because of this, after
reversing the load, the wall was able to develop a strength of only 04656\/_-}‘_'; MPa (7.8\/7:;)3[).

5.2.4. Failure of Repaired Specimens

As elaborated upon in Section 2.6 the repaired specimens were intended to fail in the
second story. In this way excessive ductility demands were not to be placed in the previously
damaged first story panel. Although Specimen 3R failed by crushing the second story panel, in
general the experimental results showed weaknesses in the repair procedure. Shear sliding in
the construction joints and brittle rupture of the longitudinal reinforcement interfered with the
development of a good hysteretic respoase.

{a} Rupture of Tension Reinforcement

In the case of repaired specimens. the failure of the tension reinforcement was of the brit-
tle rather than ductile type. There are :wo reasons for this brittle failure: a) the steel had previ-
ously been strain hardened, and b} welding of the steel during the repair procedure had an
"embrittlement” effect that further reduced the allowable ductility.

Specimens 4R, 5R, and 6R dcveloped rupture of the main longitudinal reinforcement
(see Table 4.1). The strains at which rupture occurred were obtained on the basis of the aver-
age readings for the 419 mm gage length at the base of the second story (Fig. 3.4), and were,
respectively, 0.035 m/m at LP 332 for Specimen 4R, 0.01 m/m at LP 219 for Specimen 3R,
and 0.02 m/m at LP 151 for Specimen 6R. If these strains are compared to the ultimate strains
for the virgin #5 and #6 bars (Figs 2.9 and 2.10), a significant ductility reduction can be
observed. (It should be noted that since the gage lengths used to obtain the curves shown in
Figs 2.9 and 2.10 were different, the comparison is not exact. It should also be remembered
that there were residual strains in the bars after testing the virgin specimens, straightening, and
repairing them).

The curvature distribution diagrams for the repaired walls at selected load points are
shown in Figs. 5.31 and their general shape shows the effect of another significant aspect of the
repaired walls’ behavior. Since the plestic hinge has been displaced away from the fixed end,
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the rotation of the plastic hinge required to cause a unit displacement at the top of the speci-
men is larger than in the case of virgin walls, where the plastic hinge develops at the base of
the specimen (Fig 5.32).

The longitudinal reinforcement ruptured one bar at a time, and the testing was carried on
as far as possible before the complete collapse of the specimen.

In conclusion, the repair procedure was effective in restoring the specimen’s strength
(actually the shear strength was increased nearly 20%, considerably above the aliowed 10 f{.'
psi) and to a large extent in restoring the stiffness. But for the repair to be fully satisfactory,
ways to restore the ductility of the longitudinal reinforcement and better ways of restoring the
energy absorption and dissipation capacities of the specimen should be pursued.

{b) Crushing of Upper Floor Panel

Specimen 3R failed by crushing of the second floor panel. _This lailure took place after
the specimen reached a shear strength of 1.12\/17 MPa (13.43-\/}:,051'). The flexural mode of
failure observed in the original Specimen 3 was delayed because the moment at this section is
72% of the moment at the base. The cross-section of the virgin specimen was uniform
throughout the height, and this cross-section wds proportioned and designed so that the likely
mode of failure would be flexural. When the first story was strengthened, the moment capacity
of the specimen in the lower story was increased, and consequently the shear forces that could
be applied to the specimen were increased. Under these conditions, and also with the second
story panel already cracked and its shear capacity weakened by the previous load reversals, a
shear failure mode could be anticipated.

Since crushing of the second story panel was initiated out of the gage length covered by
the clip gages, there are no data for the concrete crushing strain.

{c) Shear Sliding Along Construction Joint

The horizontal crack along the interface of the old and the new concrete had a poor per-
formance in Specimens SR and 6R. This was not the case in Specimens 3R and 4R. One of
the reasons for this difference is that in Specimens 3R and 4R dowels were left around the
panel in order to facilitate the repair procedure (Fig. 2.17}). These dowels were not sirain har-
dened as was the rest of the reinforcement in the virgin specimens, and the extra web rein-
forcement was welded to them in the repair procedure. The old web reinforcement was
straightened and left in place, improving the stress transfer across the construction joint (Figs.
2.19 and 2.20). Specimens SR and 6R, in turn, had no dowels, and the new panel reinforce-
ment was welded to the old, previously strain hardened reinforcement (Fig. 2.20). In general it
has been observed that the interface between the old and the new concrete is a critical section,
and better procedures should be employed to insure a proper stress transfer. Some ways to
achieve that are: providing a roughened concrete surface (or concrete keys whenever possi-
ble) to improve the shear transfer, and welding the new reinforcement further up out of the
critical plane of contact between the old concrete in the slab and the new concrete in the panel.

5.3. Effect of Test Parameters on Overall Behavior

The practical implications of the results obtained with regards to the different test parame-
ters are reviewed. The test parameters were: wall cross-section (framed wall vs. rectangular
wall), confinement of the boundary elements, type of loading, repair procedure and V/M ratio.

5.3.1. Wall Cross-Section

The following observations can be made with respect to the effect of the wall cross-
section;
(¢) Construction Procedure

Supposedly the ease of construction is the main reason for using a rectangular wall
cross-section. The form work is simple and the same forms can be used for walls of different
thickness. But there are some construction details that are better resolved in a framed wall.
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For example the placement of the horizontal wall steel which should have its ends embeded in
a confined concrete region presents problems in the case of rectangular walls. While in a
framed wall, the ends of the horizontal wall panel reinforcement can be anchored into the
confined concrete region in a practical way (Fig. 2.4a), in a rectangular wall it becomes neces-
sary to either leave a considerably thicker concrete cover in the wall panel, or to bend the ends
of the bars to anchor them in the confined concrete of the boundary element.

While the minimum concrete cover required in the walls [30] is 17.8 mm, the cover
thickness that results when placing the horizontal reinforcement far inside the wall, so as to
allow embedding its ends in the confined concrete region of the boundary element, is equal to
the thickness of the concrete cover in the boundary elements plus the diameter of the longitu-
dinal reinforcement in these elements.

This can result in a considerable thickness of the concrete cover in the panel. According
to the UBC requirement 2614(d), this cover thickness should be less than one third the wall
thickness. A thicker wall cover has the inconvenience of increasing the possibility of tempera-
ture and shrinkage cracks showing in the cracked surface.

(b) Strength and Ductility

The rectangular walls studied had a tkeoretical ultimate moment capacity equal to 89% of
that corresponding to the framed walls. However the maximum moments reached in the rec-
tangular walls tested were only 73% and 80% of the ultimate moments reached in the framed
walls with similar monotonic and cyclic loading history. Consequently proportional loads could
not be reached in the rectangular walls (see Fig. 5.34).

There are several reasons for obtaining a lower ductility and strength in the rectangular
wall. Some of these reasons are a consequence of the particular characteristics of the specimens
tested, but some others are typical of rectangular walls in general. The main reasons have
already been elaborated upon in Section 5.1.1.(e) and Section 5.2.2.(c) and will be briefly sum-
marized here.

1. The slenderness of the wall causes the thickness of the cover (limited by the code to a
minimum of 38 mm) to comprise 28% of the column thickness and results in a 48%
decrease in the out of plane stiffness (Section 5.2.2[b]). Because of this, when cover
crushing is initiated in one face of the wall, a significant eccentricity is created in the
boundary element’s cross-section.

2. Higher steel ratio p in the boundary elements of the rectangular wall (0.0557 compared to
0.0353 for the framed wall), which reduces the overall specimen ductility (this alone is
not so important because p = p and zo00d confinement is used).

3. Smaller diameter longitudinal bars which (if the stirrup spacing is kept constant because
of practical considerations which limit the minimum spacing, i.e. concrete pouring)} have
a lower buckling stress, and for this reason cannot develop a high ultimate strain.

5.3.2. Confinement of Boundary Element

Figure 5.35 shows the confinement characteristics for the boundary elements investigated
in Ref. [1], and those of the present investigation. The different confinement arrangements
affect the behavior of the boundary element, and consequently, the wall behavior in the follow-
ing ways:

(a) Concrete Cover Area and Confinement Effectiveness

The UBC Code’s [30] minimum cover thickness requirement is the same for hoop or
spiral confinement. The unconfined concrete area for the specimens tested with rectangular
hoop confinement comprised 19% of the total cross-sectional area. In the boundary elements of
Ref. [1], which had the same dimensional cross-section but spiral confinement instead, the
unconfined concrete area comprised 36.4% of the total cross-sectional area. In the boundary
elements of the rectangular wall, the unconfined concrete comprised 29.3% of the total cross-
sectional area. These values give an indication of the loss in strength that can be expected




because of concrete cover spalling, and may appear to indicate that the rectangular confinement
in the boundary elements of the rectangular wall are better than the spiral confinement.

But we cannot compare just the concrete cover. One important confinement effect is the
increase in concrete strength. In Ref. [9] it is shown that the maximum concrete strength for
the confined concrete in the boundary elements of the framed walls is reached at strain levels
beyond 0.004 m/m. This means that the maximum concrete strength is reached after the
unconfined concrete cover spalls.

The increase in strength that can be obtained is a function of the effectiveness of the
confinement arrangement. While for the case of the spiral confinement used in the specimens
of Ref. [1] this increase reached 38.7% of f. {54], for the tied boundary elements of Specimen
3 the increase in strength under uniform strain (or stress) is 23% £, [9]. In both cases the
increase in concrete strength is within 4% of that required to make up for the loss of concrete
caused by the cover spalling computed on the basis of the concrete area outside of the
confining steel.

In the case of the boundary elements corresponding to Specimen 5, the increase in
strength corresponding to the confinement arrangement used is not known. It can be inferred
that because of its aspect ratio and tie spacing it is probably less than the one corresponding to
the previous confinement arrangements. In order to provide a further comparison of the
confinement arrangements accounting for the tic spacing and geometry, the volume of spalled
concrete was computed, accounting for arching action. To do this it was assumed that the con-
crete within a wedge at «/4 radians from the confining steel (lateral and longitudinal) spalls
(Fig. 5.35). This computation is not intended to be exact, but can give an idea of the relative
advantages of the different confinement arrangements. The volumes obtained, and normalized
by dividing them by the original column volume, resulted in a "spalled volume ratio”. This
ratio was 31% for the boundary elements with square ties, 42% for the ones with spiral
confinement, and 46% for the ones corresponding to Specimen 5. According to these observa-
tions, the boundary elements with square ties and with spiral confinement are superior to the
rectangular ones.

(b) Ultimate Compressive Strain

As explained in Ref. [9], the ultimate compressive strain that can be reached in a mono-
tonically loaded compression element is limited by the buckling of the longitudinal reinforce-
ment. In the case of spirals, the lateral reinforcement spacing is smaller than the one used for
the hoop reinforcement, and the longitudinal bars are better restrained against buckling. The
#5 bars in the boundary elements of the rectangular walls are likely to buckle earlier than the
#6 bars in the framed wall specimens.

(¢) Crack Spacing and Crack Width

It is a common experimental observation that the crack spacing in an element subjected to
very high tensile strains is (he same as the spacing of the lateral reinforcement (Fig. 5.22).
Consequently, the crack width (Eq. 5.14) will be higher for the boundary element with hoop
confinement (s= 33.9 mm) than for the element with spiral confinement (s= 21.2 mm). This
has an effect on the stability of the boundary element under load reversals, after large tensile
strains are reached (Section 5.2.2[c]).

5.3.3. Loading Histories

Monotonic and cyclic loading programs were used in the experiments. In the previous
sections, results concerning the effect of the loading programs were presented. These are sum-
marized in the present section, and additional observations are made. Tables 4.1 and 5.8 show
comparisons of the results.

Figures 5.27, 5.33 and 5.36 show comparisons of the hysteresis diagrams.

(a) Effect on Deformation Capacity Figure 5.27 shows the effect that even only one load rever-
sal can have. Specimen 1 [1] reached a maximum deformation of 108 mm which is only 58%
of that obtained in Specimen 3. And even if the overall cyclic deformation of Specimen 1 is
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computed, it is found to be only 85% of that corresponding to Specimen 3.

The load reversal into the inelastic range weakened the wall panel of Specimen 1 and pre-
cipitated the crushing failure observed. This damaging effect of load reversals can also be
observed in Figs. 5.33 and 5.36. The overall deformation capacity under cyclic loading with
respect to that under monotonic loading was 88% for the framed walls, and 84% for the rec-
tangular walls,

(b) Effect on Strength

The maximum strength of the specimens tested under load reversals was 92% and 95% of
those tested under monotonic loading for the case of the framed and the rectangular specimens
respectively. When the load was cycled at each ductility level a reduction in strength was
observed in cach consecutive cycle, with the reduction being largest from the first to the second
cycles, and becoming smaller in the following cycles. This was observed at all ductility levels
except the maximum. At the maximum: ductility level the strength would not stabilize after a
few cycles, but it would continue to drop.

{c) Effect on Displacement Components

The displacement component diagrams are shown in Figs. 4.12, 4.22, 432, 4.44, 4 54,
4,63, 472, and 4.81. It can be readily observed that with repeated cycling the relative magni-
tude of the shear deformation component with respect to the total specimen displacement
increases. This indicates that the deterioration of the shear resisting mechanisms with repeated
cycling is in general greater than the deterioration of the other deformation mechanisms.

{d) Effect on Energy Absorption and Encrgy Dissipation

The energy absorption diagrams are shown in Figs. 5.16. Comparing Figs. 5.16 (a) and (b)
it can be concluded that the energy absorption capacity decreases signficantly when the speci-
men is subjected to repeated cycling. Whan the specimen has open cracks, its energy absorption
capacity is very poor. It becomes necessary to deform the specimen until the open cracks start
closing before any significant amount of energy can be absorbed.

Figure 5.17 shows the normalized energy dissipated per cycle for Specimens 3 and 4. The
pinching effect observed in the hysteresis diagrams under toad reversals causes this significant
drop in energy dissipation capacity.

(e) Effect on Failure Mechanisms

It was observed that under strictlv monotonic loading, specimens adequately designed
against shear are likely to have stability failures. In order to obtain the rupture of the tensile
reinforcement, lower tensile steel ratios and larger diameter bars with closer spacing of the
lateral confinement are necessary. The failure of the shear resisting mechanism is more likely
under cyclic loading. This is because load reversals contribute to the deterioration of the con-
crete in the wall panel, and the development of a crushed concrete region along the base of the
specimen as shown in Figs. 4.14 and 5.29,

5.3.4. Repair Procedure

The performance of Specimens 3 to 6 , before and after the repair and strengthening pro-
cedure, is compared in Figs. 5.37 to 5.42, and in Table 5.8. From these data and from the
experimental results described in Chapter 4, the following observations are presented:

(a) Stiffness

The repaired framed wall specimens had a stiffness (gathered from the free vibration data
in Table 4.2, 2.8 and 2.2 times smaller than that corresponding to the virgin specimens 3 and
4 respectively. The stiffness of the repaired framed specimens was closer to the cracked
stiffness of the original specimens. On the other hand, the repaired rectangular specimens had
an initial stiffness similar to that of the uncracked walls. In other words the effectiveness of the
repair procedure in restoring the original specimen stiffness was higher for the rectangular
walls, and was also higher for the monotonically tested framed walls than for the walls subjected



to cyclic loading.

The reason for these differences lies mainly in the level of damage reached in the second
panel of the virgin specimens. This panel was not repaired. The difference in the distribution
of forces to which the specimens were subjected contributes to the difference in the damage to
the second story panel. The rectangular walls had a lower moment-to-shear ratio with the
moments in the second story being 69% of the moments in the first story, compared with 73%
for the framed walls. For the rectanguiar walis which correspond 1o a 7 story prototype build-
ing, the shear in the second story was 90% of the shear at the first story, while in the framed
walls the shear was constant.

As a consequence of the above facts, damage in the rectangular walls was concentrated in
the first story, while in the framed walis it spread further into the upper stories. Repairing the
first story was sufficient to restore the original stiffness in the rectangular walls, while in the
framed walls the upper stories remained damaged after the repair procedure (Fig. 2.20).

(b) Strength and Deformation

The results obtained for the different specimens are listed in Tables 5.7 and 5.8 and
shown in Figs. 5.37 to 5.42. The lateral load strength of the repaired specimens was always
higher than the corresponding one of the original virgin specimens. The ratio of the tangential
story drift index for the critical panel in the repaired specimens with respect to that in the virgin
specimens was 54% and 63% for the monotonically and cyclically loaded framed walls respec-
tively, while the same ratio was 60% and 36% for the rectangular walls. The reduction in the
deformation capacity of the framed wall specimens seems logical in view of: the higher rota-
tional ductility demands in the region of inelastic deformation (Fig. 5.32); the reduction in duc-
tility of longitudinal steel (Section 5.2.4.{al}; and the lower moment to shear ratio for the criti-
cal section (Table 5.8).

The reduction in deformation capacity is larger for repaired walls than for corresponding
virgin specimens loading monotonically or cyclically. This is because a large slippage took place
in the repaired rectangular walls at the horizontal crack between the old and new concrete. This
slippage is not efficient in dissipating energy. It is necessary to point out that the large defor-
mations in the repaired rectangular specimens were obtained with a very severe drop in strength
(in some cases over 50% of the maximum strength).

It should also be noted that the failure of the original specimens was caused by the insta-
bility of the compression boundary eclements. This type of failure was caused by the large
flexural moments at the base of the specimen. Since in the second panel the M/V ratio is
lower, the moments in the critical section did not reach the levels obtained at the base of the
virgin specimens, and this type of failure was prevented.
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6. ANALYTICAL MODELING OF WALL BEHAVIOR

6.1. General

Analytical models that have been proposed to predict wall behavior can be classified into
two broad groups: models to predict a specific overall behavior (macroscopic approach); and
models derived using basic approach of mechanics of solids (microscopic approach}.

The macroscopic equivalent structures attempt to model the global behavior (i.e. the force
deformation characteristics for the complete panel) by means of an analogous structural ideali-
zation such as an eguivalent beam or truss. The rmain advantage of macroscopic models is
econontic; they require significantly less computational effort than detailed analytical mechanical
models. However, they have several limitations, the main one being that usually the results
obtained are valid only for the results on which the derivations are based. Furthermore the
equivalent structures’ topology and elemazant properties have to be determined a priori. This is
difficult to do for the general case. For an accurate modeling, the change in topology because
of cracks opening and closing, and in material properties because of change in stress-strain
states of the original structure, should be taken into account. This is hard to implement in a
simplified model.

On the other hand, the microscopic approach or the detailed analytical mechanical models
attempt to model the global deformations using the general approach of mechanics of solids,
i.e. starting from a detailed interpretation of the localized behavior, that is by modeling: the
steel, the concrete cracked and uncracked, the bond interaction between concrete and steel,
the crack opening, the interface shear transfer (aggregate interlocking and dowel action) and
the effect of reversals, the region, the member, and eventually the whole structure. While this
approach is the logical and most desirable one, it cannot be fully implemented yet because of
lack of knowledge of the basic models !in particular of the bond slippage and the interface
shear transfer), and the complexities involved in a detailed solution.

A third choice, in-between these two extreme cases, can often be the most reasonable
alternative. All these possibilities are further pursued in this chapter.

6.2. Tip Displacement Component Because of Flexural Deformations

6.2.1. Introduction

In order to estimate the flexural deformation component of the specimen’s displacement
at any level, particularly the component of interstory displacement, it is necessary to ascertain
the moment curvature relation for the spzcimens’ cross-section, and the curvature distribution
along the specimen.

The moment curvature relation for the specimen cross- section can be determined (Sec-
tion 5.1.1[b]) on the basis of the axial stress-strain relation for the materials (vertical steel,
confined concrete, and unconfined concrete), and using the assumption that plane sections
remain plane. As elaborated upon in Section 5.1.2.(d), the moment-curvature relation obtained
in this way is in better agreement with the experimental results at the base of the specimen
where the foundation restrains the opening of the diagonal cracks. (Strictly speaking this
moment-curvature relation is not valid at the base because when cracking takes place plane sec-
tions can not remain plane.) In the sections above the foundation, the moment curvature
diagrams are affected by the stress redistribution caused by the diagonal cracking (Fig. 5.11).
Figures 5.12 and 5.13 show the curvature distribution for specimens at different stages of crack
propagation. In general, for sections away from the fixed end, the stresses along the boundary
elements are higher than predicted by simple beam theory, and tend to approach those
corresponding to a truss analogy [S5].

Different approaches can be used 1o determine the curvature distribution along the speci-

men. The first, and a rather economical one, would be to estimate the curvature distribution
according to an "equivalent truss" model. The main difficulty with this approach is the



unceriainty in the equivalent structure’s geometry. This is further complicated by the crack
propagation that changes the structure’s topology at every load step.

A second approach, much more costly but more reliable, involves keeping track of, and
taking into account the stress redistribution because of cracking. This last approach is pursued
in this investigation, using a finite element solution.

6.2.2. Solution Approach

(a) General

ANSR-I [56], a general purpose computer program for the analysis of nonlinear siruc-
tures, was chosen for the finite element solution. The steel reinforcement was modeied using
one dimensional elements with kinematic strain hardening. The concrete was modeled using
two-dimensional plane stress elements. Both materials are elaborated upon in the following
sections. The finite element mesh is shown in Fig. 6.1.

The third floor slab in the models tested had an additional thickness and reinforcement to
help distribute the forces applied at that level, also, two pairs of 10x15.3 channels were pres-
tressed to the slab at that level (Figs. 2.4 and 3.3). For this reason the third floor slab was
modeled analytically as a very stiff truss.

{b) Modeling of Structural Wall
1) Steel

The idealized cyclic stress-strain curve for the longitudinal reinforcement and the panel
reinforcement are shown in Fig. 6.2.

In the idealized curve the following simplifications are made with respect to the realistic
axial cyclic steel behavior:

a) The post yielding behavior is assumed to be linear with an E,, of 0.0077 E; obtained
by linearizing the stress-strain relation (Fig. 6.2). This linearization was selected so as to
model with a bilinear relation the experimentally determined yielding stress and max-
imum stress values, and the corresponding strain values (Section 2.4).

b) The behavior is assumed to be identical in tension and in compression. As shown in
Fig. 2.13 and elaborated upon in Section 2.4, this is not rigorously correct. The yielding
stress and strain hardening modulus are higher in compressicn than in tension.

¢) Kinematic hardening is assumed (under load reversals the compressive yielding stress
decreases).

The idealized stress-strain curve for the hoop confinement reinforcement is shown in Fig.

6.3.
2) Concrete

The "endochronic theory", intreduced originally by Valanis [11] in 1971 for analysis of
the behavior of metals, was extended to concrete by Bazant and Bhat [10].

A plane stress concrete element based on this work was developed and incorporated into
ANSR-I by de Villiers [37]. This was the element chosen for this investigation.

This material model has the major limitation that it does not account for shear slippage
along cracks. This slippage can be a very significant source of shear deformation in walls sub-
jected to high shear conditions. For this reason, this finite element model cannot adequately
account for shear deformations under high shear conditions. But as long as the effect of tensile
stress redistribution after flexural, and especially diagonal cracking, and the axial stress-strain
characteristics of materials are modeled properly, the flexural deformations under high shear
can be adequately accounted for.

The concrete in the boundary elemenis was modeled as confined, while the concrete in
the panel and the slabs was modeled as unconfined concrete.
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Figure 6.4 shows the experimental stress-strain curve for concrete confined with hoop
reinforcement taken from Ref. [9], and its comparison with the stress-strain curve obtained by
using the ANSR-I program with de Villiers’ model. It can be observed that the stress-strain
relation obtained with the "endochronic theory”, using a value of the confining steel ratio equal
to the one used in the experiment; confining steel properties matching the experimental
material properties as shown in Fig. 6.3; and a concrete strength equal to the cylinder strength
at the time of testing, results in an overestimation of the strength of the confined concrete.
The main reason for this difference is that the endochronic theory was adapted to concrete by
Bazant and Bhat {10] on the basis of experimental results for concrete cylinders confined by
spiral reinforcement. Since spiral confinement is more efficient than the hoop confinement
used in the boundary elements of the wall specimens, an input concrete strength reduced by
28% was necessary to analytically obtain a stress-strain relation in agreement with the experi-
mental results of Ref. {9]. The analytical stress-strain curve as used in the analysis and its com-
parison with the experimental stress-strain curve is shown in Fig. 6.5. Similarly, the stress-
strain curve for the unconfined concrete calculated with the plane stress element of Ref. [37]
overestimates the concrete strength. The modified curve is shown in Fig. 6.6.

It should be noted that while not all of the concrete in the boundary element is confined
(in the boundary elements of the framed walls there is a 19% area of unconfined concrete
cover), the average curve for the whole concrete cross-section, based on the results of Ref. [9],
was used (Fig. 6.5). This was done instzad of modeling separately the confined concrete core
and the unconfined concrete cover. In this way, a reduction in the number of elements was
obtained.

3) Bond Between Concrete and Steel

The reinforcing elements are assumed to be rigidly connected to the concrete elements at
the nodes. In other words, there is the intrinsic assumption that points of zero bond slippage
exist at the nodes between elements.

Since in the boundary elements, the crack spacing was on the average equal to the stirrup
spacing (s=33.88 mm), the points of zero bond slippage are alse on the average a distance s=
33.8 mm apart (Fig. 5.22). This distance is much smaller than the 285.75 mm used in the
analytical model. This simplified modeling of the bond interaction affects the analytically
predicted crack width and "tensile softening”, and results in larger crack spacing and crack
widths.

The tensile softening (Fig. 6.7) is described by Scanlon and Lin [57,58], and is explained
as the existence in a reinforced concrete member of concrete tensile stresses after the forma-
tion of tension cracks. Figure 6.7(b) shows how, after the crack formation, the stresses in the
crack surface drop to zero, but an average tension stress remains in the concrete mass. This is
caused by the bond interaction which transfers some of the steel tensile stresses 1o the con-
crete.

Neglecting the tensile softening in the analytical model may lead to a slight underestima-
tion of the flexural strength.

4) Flexural Strength of the Specimen’s Cross Section

As shown in the finite element idealization (Fig. 6.1), the column reinforcement was
lumped at the edges of the columns. The wall reinforcement was also lumped at discrete loca-
tions corresponding to the boundaries of the concrete elements in the finite element mesh.
Furthermore, the stress-strain relation for the steel was simplified as shown in Fig. 6.2. In
order to ascertain the adequacy of this kind of modeling in representing the flexural behavior of
the wall, the moment curvature for the specimens’ cross-section at the base of the specimen is
compared to that calculated using the steel distribution and material properties shown in Figs.
6.1 and 6.2. The results in Fig. 6.8 show that the simplified model represents well the section’s
moment curvature characteristics.
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S) Floor Slabs

The floor slabs are effective in restraining the crack opening and in that way significantly
affect the curvature distribution along the specimen . In the analytical mode! the slabs were
modeled by including the steel and the concrete corresponding to a slab width of 1.524m. This
is 3/4 of the total slab width. The reason for choosing that effective slab width was the experi-
mental observation of the crack propagation in the siab.

6.2.3. Analytical Results

The force- displacement curves for the experimental and analytical results are shown in
Figs. 6.9 10 6.11

The computed resuits were obtained using a Ncewton-Raphson iteration solution scheme.
In the state determination calculations, the Euler integration method was used. The analysis was
carried out by applying the loads in three increments. In the first increment the axial loads (868
kN, Fig. 6.1) were applied at the top of the columns in three equal load steps in order to linear-
ize the behavior at each step.

In the second increment a lateral load of 800 kN was applied distributed along the upper
part of the specimen (the stiff truss), together with the corresponding moment as a function of
the lateral load as shown in Fig. 6.1. This load increment was applied in load steps of 22.24 kN.
The program was halted when reaching the 13-th load step of this increment because the allo-
cated computing time was exceeded. A convergence tolerance of 1 kN was specified, and the
number of iterations required for convergence varied from one in the very first load step to 21
in the last one with an average of 10 iterations per load step. The total central processor time
required for the run in the CDC 7600 of the Lawrence Berkeley Laboratory was 372 seconds.

Since the purpose of this analysis was to determine the flexural deformations in the speci-
men, and the computer program as written cannot account for the shear slippage across cracks,
which makes up most of the shear deformation in the cracked specimen, the computed dis-
placements were broken down into its flexural and shear components. To facilitate the com-
parison of the different components, the tip displacement because of the flexural deformations
was calculated by computing the average curvature at each line of elements (based on the axial
deformations of the boundary elements) and from this curvature distribution by simple
geometric transformations the flexural displacement component of the third floor displacement
was calculated.

In this way the procedure for the analytical determination of the flexural deformations is
similar to the procedure used for their experimental determination. The experimental and the
analytical force displacement curves with the breakdown into the different displacement com-
ponents are shown in Fig. 6.9, while a direct comparison of the experimental and analytical
flexural displacement components only is shown in Fig. 6.10.

It can be observed by comparing Figs. 6.9{a) and {b) that the analytical solution does not
include the fixed end deformation component, and that it underestimates the shear deformation
component. The fixed end deformation is not included because the analytical model was
attached to a rigid fixed end, neglecting the slippage of the longitudinal reinforcement in the
foundation. As expected, the shear deformation components are underestimated in the analyti-
cal solution.

Figure 6.10 shows the direct comparison of the experimental and the analytical flexural
displacement curves, and the agreement is excellent. The analytically predicted crack pattern is
shown in Fig. 6.11 and shows a good agreement with the experimentally obtained crack pattern
shown in Figs. 4.7, 4.8, and 4.11, and reproduced in Fig. 6.11(b).
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6.2.4. Cyclic Loading

The possibility of applying the procedure developed in this section to the determination of
flexural deformations under high shear ar.d cyclic loading conditions was also investigated. The
finite element model used for this load case was basically the same as that shown in Fig. 6.1.
Some modification was necessary in order to introduce a displacement control type of excila-
tion. This was complicated by the fact that the model was subjected not only to lateral loads but
also to a moment applied at the third flcor level and proportional to the lateral load. Figure
6.12 shows the solution scheme adopted. By introducing an arrangement of "relatively rigid"
elements at the top of the specimen, the combined effect of shear and moment at the third
floor could be reproduced by applying only one horizontal load with a fixed moment arm with
respect to the top of the model.

The displacement program chosen for this example was that corresponding to the cycles at
ductility two in Specimen 4 (Fig. 4.14). In order to obtain the +20 mm flexural displacements
at the third floor level, a total displacement of

83 shear + 53 Slexural + 93(hv - hJ)

was applied at the top of the analytical madel set up. The rotation of the third floor, §; when a
20mm flexural displacement is reached ir. that story, was obtained from the monotonic loading
analysis. The desired displacements were obtained by applying a very high horizontal load in a
very stiff horizontal element at the top of the set up. The stiffness of this element was of the
order of 10°® times the stiffness of the wall.

The force-flexural displacement curves for the experimental and analytical results are
shown in Fig. 6.13. As in the case of monotonic loading, a Newton-Raphson iteration solution
scheme was used. The vertical dead !oads in the specimen were introduced in three equal load
steps. The initial part of the lateral load to the north was introduced in an increment of nine
equal load steps, reaching 850 kN at a flexural displacement of 8 mm. The second north load
increment was introduced in 8 equal load steps, reaching the desired 20 mm flexural displace-
ment. To reverse the load direction, a very small south load increment was applied (1/100 of
the normal load step) in order to improve the accuracy of the direction vectors, and maintain
numerical stability. The total south displacement was obtained in a load increment of 17 equal
load steps, reaching a flexural displacement of -20 mm. The load was reversed one more time,
applying a small load increment, and a north load increment was applied in 25 load increments,
This last stage was not completed because the allocated computer time was exceeded. The total
number of CP seconds required for the run was 565 seconds.

Comparison of the flexural deformutions in Fig. 6.13 shows some discrepancy in the ini-
tial loading range. The experimental curve is softer because the specimen had been subjected
to three previous cycles at ductility one, that had introduced extensive cracking in the speci-
men. Once the cracks close the agreement is very good. The unloading stiffness was repro-
duced very well up to the point of zero load. Bevond this point there is some discrepancy
because of the increasing Bauschinger eflect on the steel which was not accounted for properly
in the analytical model (Fig. 6.2). A Clough degrading model, or even betler, a Ramberg
Osgood steel model (Fig. 5.24) would have yielded more accurate results. The difference in the
peak south load reached is caused by the previous cycling of the experimental model. When
removing the south load an excellent agreement can be observed again in the unloading
stiffnesses, and when applying a load to the north for the second time it can be observed that
the stiffness deterioration is captured in the analytical model.

As shown in Figure 6.13 and Table 6.1, the results are very good, because they were
obtained exclusively on the basis of the =xperimental material properties, and show the poten-
tial of the finite element method for the solution of the reinforced concrete problem.
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6.3. Tip Displacement Component Because of Shear Deformations

6.3.1. Intreduction

The contribution of the shear deformation to the tip displacement is significant for the
specimens tested (i.e., Figs. 4.12, 4.22, 454, etc.). For that reason it is necessary (o investi-
gate the shear strength and shear deformation characteristics of the wall. The shear resisting
mechanisms in a reinforced concrete wall can be classified as follows:

(a) Uncracked Concrete.

The lateral force taken by the uncracked concrete V, makes up for most of the total
lateral force in the uncracked specimen. After cracking, there is a reduction in the originaliy
uncracked area, and the magnitude V, decreases. At a higher lateral load, the axial force in the
concrete of the boundary element causes the cover to spall and a reduction of the concrete area
takes place. If there is good confinement, a compressive triaxial state of stresses is induced.
As shown in Fig. 6.14, the maximum shear stress the concrete can resist increases under triax-
ial compressive stress [37] (the shear strength is proportional to [PQ). After a certain point, this
increase can make up for the loss in concrete area, and the magnitude of V, increases, as long
as concrete crushing does not take place.

(b) Aggregate Interlock and Dowel Action.

Kupfer, et al. [59] confirmed that concrete which fails in tension does so by formation of
a crack perpendicular to the principal tensile stress. Immediately before formation of a crack,
the shear stress parallel to the crack is zero, because the crack is perpendicular to the principal
stress. As long as there is no shearing movement of the crack surfaces, the shear stress parallel
to the crack remains zero. However, if such movement occurs, substantial shear stresses can
be developed because of the roughness of the crack surfaces (aggregate interlock) and the pres-
ence of reinforcing bars crossing the cracks. This phenomenon is called interface shear
transfer, and has been investigated by a number of researchers [60 to 68].

The most important observations regarding the lateral force resistance of the aggregate
interlock V, can be summarized as:

1. The larger the crack width Ac, the larger the shear displacement necessary to develop the
shear resistance.

The larger the crack width, the smaller the maximum attainable shear transfer resistance.

3.  As the shear displacement increases, the concrete masses on either side of the crack will
be pushed apart, and the crack width will tend to increase. Unless the opening tendency
is restrained by an effective restraining force, very little shear can be transmitted.

The bars crossing the shear plane at right angles will be subjected to shear displacement;
hence a certain amount of additional shear ¥, can be transmitted by dowel action. To develop
dowel! resistance of some significance, large displacements along the shear plane are necessary.
(c) Panel Reinforcement

The horizontal and vertical panel reinforcement crossing the inclined cracks contribute
significantly to the shear resistance of the wall. The horizontal reinforcement can resist shear
forces axially V,, and the vertical reinforcement undergoes a kinking action (Fig. 6.15) so that
it also contributes to the horizontal shear resistance.

Figure 6.16 shows a breakdown of the internal resisting shear along plane 2 - 2. The dis-
tribution of the internal resisting shear mechanisms is different for the case of an uncracked
wall and a previously cracked wall, in that in the latter, there is no uncracked concrete contribu-
tion V., and at low load levels the dowel (¥,) and to a greater extent aggregate interlock action
(V,) take all the lateral shear. The percentage of the total lateral shear that each shear resisting
mechanism takes varies with the load and damage level in a way that is very difficult to quan-
tify.
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6.3.2. Analytical Solution for Monotonic Loading Based on a Simplified Model

The uncertainties and complexities involved in the development of a detailed generalized
shear deformation model made necessary the development of a simplified model.
The topology (geometric properties) of the specimen and the shear resisting mechanisms
change with the load and deformation level. A step-by-step solution is then required.
(a) Uncracked Wall
Before the formation of flexural or diagonal cracks, the wall can be assumed to be elastic.
The shear displacements can be computed as
AS?sh 6 AVh
snhear = —
! 5 GA4,
where A, is the height of the level considered, 4, is the effective shear area which can be taken
as the area of the web, and

- = elastic shear displacement at i floor (6.1)

E,
2l +v)

taking the value of v as 0.2 [9], and for the case of Specimen 3 where E. = 21300 MPa, the
shear modulus can be computed as:

G = (6.2)

21300
= ———— = 887
Y= 2M+00 > Mba
and the shear displacement at the thirc floor level as:
0 (3001) v

8f shear = 3 5875 (2430000 1.66 mm/MN

Hence, the elastic shear stiffness at tha third floor level is:
KS hear = 1/ 85 hear
KS poer = 0.600 MN/mm
Similarly, the values at the first floor level can be obtained as
3¢ cooar = 0.652 mm[MN
KY joer = 1.530 MN/mm

The KY¥ .. value is shown in Fig. 6.17 together with the experimentally obtained curve. Note
that the experimental shear displacement values appear erratic for very small displacement
values (8; & 1 mm). The reason is the limited resolution of the linear potentiometers used
to monitor the shear deformations (Fig. 3.4).

In order to check the initial shea- stiffness value, an indirect procedure is used: The initial
flexural stiffness was found experimentally to be K¢ ,,, = 0.340 MN/mm. Using this value,
together with the overall experimental stiffness value K¢ = 0.216 MN/mm (Table 5.4), and
assuming the fixed end deformation stiffness to be very high, K¢ ./ ..y >> K§, the initial
shear stiffness can be determined as being;

1 1 1
: e ke . (6.3)
K 3 shear K 3 K 3 tlexural
Kg shear 0592 MN/mH?
which is very similar to the computed value of 0.600 MN/mm.
(b) Cracked Specimens

Concrete cracking must be expected even during service conditions. Most of the cracks in

a wall specimen can be broadly classificd as either flexural or shear cracks.

In the specimens lested, the average flexural crack width when the longitudinal reinforce-
ment in the boundary element reaches yielding can be computed as Ay = s €, = 0.07 mm.
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This average computed value is very small and the shear slippage along the cracks will also be
small. For this reason the effect of the flexural cracks in the shear deformation before yielding
of the longitudinal reinforcement will be neglected.

Diagonal cracks can considerably reduce the shear stiffness of the wali (because the con-
crete effectiveness is lost), and consequently cause increased shear deformations. In the wall
with diagonal cracks, the greater portion of the lateral load is likely to be carried by diagonal
concrete strut action, and by the horizontal panel reinforcement in tension (there is also a con-
tribution of the floor slabs). The deformation characteristics of this mechanism are examined
next.

A simplified truss analogy is introduced to represent the shear resistance of the diagonally
cracked wall:

1) Crack Pattern

A good correlation was obtained between the crack pattern obtained experimentally, and
that determined analytically (Section 6.2 and Fig. 6.11). On basis of the previous results, and
for a simplified model of shear deformation, the crack pattern is idealized to that shown in Fig.
6.18.

The crack inclination in the upper two paneis is uniform and approximately parallel to CH.
In the case of pure shear stresses acting in a plain concrete element, the crack angle is 7/4 radi-
ans. As the finite element results show in Fig. 6.11, the presence of flexural stresses and floor
slabs causes this angle to change. In the lower panet the crack inclination is taken as parallel to
AD. It should be noted that under monotonic loading the diagonal cracks propagate gradualiy,
and do not penetrate as much in the upper panels as this idealization shows.

2) Idealized Truss

The idealized truss is shown in Fig. 6.18. Chords AG and BH are assumed to be infinitely
rigid, as their deformations at this stage, in which they have moderate crack widths and the
reinforcement has not yielded, contribute only to flexural deformations which have been
accounted for separately (Section 6.2). The inclination of the diagonal elements in this ideal-
ized truss then, matches approximately the orientation of the diagonal concrete struts observed
experimentally. Since the crack pattern can be approximated analytically (Figs. 6.11[a] and [b])
accounting for the effect of the panel reinforcement and the floor slabs, it is theoretically possi-
ble to predict the topology of this equivalent truss.

The horizontal panel reinforcement and the slab reinforcement are lumped at the slab
level. Under a lateral load increment AV, chord CD elongates ACD. The concrete struts in the
lower and upper panels shorten ADA and AHC respectively, and the third floor undergoes an
overall shear displacement A 8§, (Fig 6.18[b])

The shear displacement can be obtained by applying Williot’s principles as shown in Fig.
6.18(c) where a negative sign indicates compression:

A 854 = ACD — ADA sec 8, — AHC sec 9, (6.4)

3) Element Properties

a) Chord CD: The horizontal steel lumped in CD includes half the horizontal steel in the
first floor panel, the horizontal steel in the second panel, all of the steel included in the
effective first floor slab width, and half of the steel included in the effective second floor
slab width. The effective slab width was taken as 1.52 m (Section 6.2). The vertical steel
was accounted for in the flexural deformation model.

The cross-sectional area of chord CD is
ACD = 3200 mm2

and the eilongation of chord CD can be computed as

_ AL AV
ACD = kT A E I, (6.5)
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b) Congcrete Struts: Many formulas are available for calculating equivalent strut widths.
The width of the equivalent struts has been determined by many investigators to depend
principally on the panel aspect ratic and the ratio of panel stiffness to frame stiffness.
Widths typically vary from about one third to one eighth of the length of the panel diago-
nal. The equivalent strut widths used herein are calculated using empirical formulas
developed by Mainstone for cracked :oncrete infill panels {69,70].

E sin 20, ]
Ay = b | (6.6)
) 4ETL I
and
”/CH -0t
" _ 288 [)\,,,] 6.7)
H’,
where

h. h,, 8. and w, refer to Fig. 6.18(a),

w{,',’ is the effective strut width for stiTness of cracked concrete infilled panel.

E’ is the panel modulus

E is the frame modulus

[, is the column moment of inertia and

1 is the panel thickness

In the case considered:
hy = 1.18m fy = 1.83 m
hh=114m s =171m

t =0102m
9]=310 62=420
E’ = E _ E

[, = 3.47 10‘4] m*
wi=24m w,=281m

Hence (from Eq. 6.5)

Ay = 3.348
)\;,2 = 5.803
w,; = 0255m

Wy = 0242 m

The force in the diagonal struts can be calculated from equilibrium

ACi = ~AVsech, (6.8)
The compressive stresses are
af, = AU (6.9)
t WPF/

and the shortening of the compressive struts is:
—Af.w, ~AV w/
E, t wy, ; E, cos8,

A DA, = (6.10)
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4) Tangent Stiffness

Equation 6.4 can be expressed in a more general form substituting the expression for the
steel deformations (see Eq. 6.5):

N
E, A

5 $

ACD jfor

and the diagonal concrete strut deformations

A DA & A HC f AV, wi
ST b, Wy, , E. cosh,

where i refers to the panel, one obtains:
A 5 AV T, +I=n AV, w,

Y = . 6.11)
" e Es As =1 bw Weg i Ec Coszel (

substituting numerical values in this equation, one obtains:
A sthgm = (0.015 mm/kN) AV

for the shear displacement at the third floor level, and
A B goar = (000536 mm/kNIA V

for the first floor. )
The tangent stiffness of the diagonally cracked wall then becomes:

K sheqr = 66.6 KN/ mm

and
KS 4ou = 1863 kN/mm

In Fig. 6.17(a) it can be seen that the experimentally cbtained third floor tangent shear stiffness
for the cracked wall is = 60 kN/mm.

In general an approximate model such as the one presented here should not be expected
to be that accurate. In this case the agreement for the experimental and computed values is
very good.

$) Transition Point

Having determined the initial stiffness and the cracked tangent stiffness for Specimen 3 it
is necessary to determine the transition point, or the peint at which the shear resisting mechan-
ism changes from an elastic shear beam to an "equivalent truss". Evidently the change is gra-
dual. The load at which diagonal cracking appears V = 311 kN (Section 5.3.1) can be con-
sidered to be the point at which the transition starts. The point at which the transition is com-
pleted is not well defined. From experimental observation of the diagonal cracking and the
results obtained in Section 6.2 (Fig. 6.11), the transition load is considered to be the one at
which a diagonal crack completes opening all the way along the height of the panel [V = 445
kN from the analytical results shown in Fig. 6.11(a)]. The transition point thus determined is
shown in Fig. 6.17 (point A).

(c) Yielding Specimen
1) Experimental Observations

The experimental observations for Specimen 3 (Figs. 6.19[a] and 6.20) show simultaneous
yielding of the shear and flexural deformation mechanisms at LP 49. Comparison of Figs.
6.19(a) and 6.19(b) shows that shear yielding in the second story took place at a higher load
(LP 51). In other words, even if the shear stresses were the same in all panels, shear yielding
is observed only if the flexural mechanism in that panel yields. Being the first panei subjected




—67-

to the highest flexural moment, it will have "shear yielding" first, and the upper panels will not
show "shear yielding” until higher lateral load levels are reached.

2) Mechanisms of Shear Yielding

In order to understand the observed "shear yielding" and its interaction with the flexural
yielding consider Fig. 6.21,

If after flexural yielding is reached in panel ACDB, a small load increment AV is applied,
the following deformation increments can be visualized in a hypothetical truss (Fig. 6.21 {b])

a) Chord DB elongates a large amount A DB, because the longitudinal reinforcement has
reached the plastic plateau.

b) Chord CA in compression does not shorten a large amount because the concrete in
the boundary element is effective iri compression |—A C4| << |A DB| :

c) While the vertical chords are the main flexural resisting mechanism, the shear resisting
mechanism is made up of the horizontal and diagonal chords. Chords CD and DA shor-
ten small amounts — A CDand — & DA under load increment A ¥ [Fig. 6.18(b)].

d) Chord CB, that has practically no tensile axial stiffness after diagonal cracking of the
wall panel, elongates a large amount A CB to accomodate the other chord deformations.
The resulting deformed configuration is shown in Fig. 6.21(b) and is analogous lo the
deformed configuration obtained from the photogrammetric reading (Fig. 4.82).

3) Calculation of Shear Stiffness After Yielding

The device used for measurement of the shear distortions is shown in Fig. 3.4. The value
of the shear distortion is computed from the changes in diagonal distance as measured by the
linear potentiometers (I'ig. 6.21):

ACB — AD4A w
3 T (6.12)

A ’y av =

a discussion of the reliability of this shezr measurement procedure was presented by Ma, et al.
(241,

In Eq. 6.12 there is an implicil assumption that large deformations take place in the diago-
nal elements only. As has just been explained, the tensile boundary element also undergoes
large deformations. To acomodate this the diagonal element CB undergoes aditional tensile
deformation. Therefore Eq. 6.12 is revised in light of this observation.

From Fig, 6.21(b) A CB can be expressed as a function of the deformations of the other
chord elements:

1
ACB = ADE h, + ACD — — A DA
w w
.. h I
- ACA — + AAB — (6.13)
w W

substituting this expression into Eq. 6.12, one obtains:
A DB A CA ACD

Ava = 0 T T2, t oo
A 4B w’
845 _ z\ps M 6.14
T o I h (6.14)

The first two terms in this expression give the effect of the axial deformation of the boundary
elements in the observed shear deformations. Since the axial deformations in the boundary ele-
ments are related to the flexural moments, the first two terms can be considered to be the
effect of the interaction with the flexural mechanism.

From Eq. 6.14 the increase in the shear deformation at the i—¢h floor level can be
expressed as
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A 8! shear T Z hj A Yav J (615)
j=1
where j refers to the panel level (Fig. 6.18).

The shear distortion in the first floor panel can be obtained substituting the corresponding
values in Eq. 6.14.

Acp|, [AVI '
l > 1 ] h = [m (6.5[al)
= 2083 (10°% A V mm/N
w' . AVw oW
A DA = T ot 1 (6.10[a))

= —5373 (10 A V mm/N

to calculate A DB and A CA two procedures are available:

a) A very accurate procedure would be to calculate the values of A DB/ A V and
A CA / A V¥V from the mathematical model for flexural deformation developed in Section
6.2. This procedure wouid take into account the effect of diagonal cracking in spreading
the yielding of the reinforcement along the boundary element.

b) A simplified procedure would be to assume that the strain along the boundary ele-
ments is consiant, that only steel takes tension in the tension boundary element, that the
steel is already yielded, and that steel and concrete take compression in the compression
boundary element. These are all reasonable assumptions.

For the sake of simplicity, the second procedure is pursued here. From the specimen’s
geometry and making the simplifying assumption that only the boundary elements take the
flexural moment:

AV h
—A~—1)—Eh = ——— p (6.16)

2 [C 2 lc2 As Eslh
= 193.75 (107 mm/N AV

where A, is the effective moment arm of the forces acting on the wall (Fig. 6.12), and

ACA , _ _ AVh K
2 It‘ 2 "'cz Acc Ec

6.17)
where (from Ref. [9]):

E, = 21300 N/mm?
and 4., = composite column arca =

E
A+ (L— - 1) A, = 572000 i’

ACA
21,

h = —0.0063 (107°) mm/N AV

Hence from Eq. 6.15
A8} ooy = 199 (107%) mm/N AV
K{ shear = 5.02 kN/mm

In Fig. 6.17(b) it can be observed that this is a reasonable average value for the shear yielding
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stiffness.

The upper panels will not develop shear yielding until the flexural moment reaches a high
enough value so that those panels present flexural yielding. Right after the lower panel yields,
the overall shear displacement increment at the third floor level will be

ABY perr = Al shor T Az“shmr (6.18)
= 207 (107%) mm/N AV

and the overall tangent shear stiffness according to the simplified analysis is:
K goar = 4.82 kKN/mm

This stiffness, together with the more accurately determined stiffness BCC’ (that was

determined on the basis of the results obtiined from the analytical flexural deformation model

A DR ACA R
A and G ) are shown in Figure 6.17(a).

for

6.3.3. Analytical Solution for Monotenic Loading of Rectangular Wall

In order to provide another example and test the validity of the assumptions inherent in
the development of the shear deformation model, the stiffnesses for the monotonic shear
force-shear deformation curve for Specimen 5 (rectangular wall specimen) were calculated.
Following step-by-step the procedure deveioped in Section 6.3.2 three stages of behavior are
recognized.

{a) Uncracked Wall
On the basis of Eq. 6.1:

3
Y (h—h_D AV,

i1

6 1

83 shear 'g —(I (61[&])

where i refers to each individual panel.

This equation is similar to Egq. 6.1 but takes into account the fact that the shear force is
different in each panel. One obtains:

8§ guoar = 0.00135 mm/KN AV

and
K%) shear = 743 KN/mm

(b) Cracked Specimen

D) Crack Pattern

The idealized crack pattern for this spzcimen is similar to that shown in Fig. 6.18
2) Idealized Truss

The geometry of the idealized truss is shown in Fig. 6.18.
3) Element Properties

a} Chord CD: Including the horizontal reinforcement in the panel and the slabs as
explained in Section 6.3.2 the cross-sectional area of chord CD is

Acp = 2370 mm?

b) Concrete Struts: Applying Eqgs. 6.6 and 6.7 in this case
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h = 118 m hy = 183 m
h = 114 m hy = 1. 71m
=014 m "’
6, = 31° 8, = 42°
E =
I, = 2.08|10“‘]m4
w, =244 m w, = 2.81
Hence (from Eq. 6.6)
Rhg = 53Tm
and (from Eq. 6.7)
we',] = 0614 m
w[,',z = 0.730 m
4) Tangent Stiffness
Replacing values in Eq. 6.11
A stfmar = 1880 A V
0.19 (10%) (2370)
1 2438 AV 2810 (0.85 AV)
114 (0.026) (10%) | 614 (0.857) 730(0.743)

(note that for the second panel the average shear force is 0.85 of the base shear)
A 8§ s = 722 x 107 mm/N
A 831.3110[)'7' = 35x 10“6 mm/N

and
KS wewer = 138 KN/ mm
KY coar = 285 kKN/mm

{¢) Yielding Specimen
Following the procedure used for the case of the framed walls, the element properties
carresponding to the first floor of Specimen § are:

A, = 1783 mm?® (9% 5 bars)
£ _
E,

E, = 0.19 (105 MPa
E. = 0.021 (10 MPa

A, = A, + ( 1) A, = 46057 mm*

these, together with the values in Section 6.3.3.(b) are used to determine the values of the
terms in Eqgs.6.15 and 6.14,
From Eq. 6.5(a):

ALD 1880 AV = 2.1 (107 mm/N

2 2 (0.19x10%) (2370)



~71-

From Eq. 6.10(a):
ADAw 24402 AV

= —20(0% mm/N

L 114 (614) (21300) (0.857) (2370)
From Eq. 6.16:
A DB h 4720 (1180 AV =
- = 273 (10°¢ N
214 2 (2134%) (1783) (1485) (1075 m/
From Eq. 6.17
A CA 4720 (11809 AV _
= - = —0.74 (10°¢
21 2 (21342) (46057) (21300) (107%) mm/N

replacing these values in Eq. 6.15 one obtains:
A8Y yoar = 271.5 (1079 mm/N
KY shoar = 3.6 kN/mm
and from Eq. 6.18
A S goor = 277.5(107%) + 3.59 (107 = 281 (107 mm/kN
K3 gpear = 3.56 kKN/mm

The results obtained are shown in Fig. 6.22. This result is shown in Fig. 6.22. It can be
observed that the stiffness values obtained using this simplified procedure are in reasonable
agreement with the experimental observations,

6.3.4. Shear Deformations Under Cyclic Loading

A complete solution for shear deformations under generalized loading is beyond the scope
of this work. Nevertheless the possibility of extending the results obtained so far, for explain-
ing the results obtained, is explored in this section.

A simplified procedure to determine the shear deformations under cyclic loading is
presented. This procedure is based on the shear mechanism developed in the previous section.
The monotonic shear deformation relationship is used as an envelope for the cyclic shear
deformation curve. The following description refers to the tangent stiffness of the cyclic shear
deformation curve. (Fig 6.23)

{a) Flastic Loading (path QAA’) (Fig. 6.23[a])

The virgin wall with no diagonal cracks responds as an elastic shear beam (Eg. 6.1).
Points A and A’ are symmetric, and were defined in the monotonic shear deformation model as
the load at which a diagonal crack opens all the way along the height of the panel. At this point
it can be assumed that the shear resisting mechanism changes from an elastic shear beam to an
"equivalent truss mechanism".

(b) Diagonally Cracked Wall (Path AB) (Fig. 6.23[b])

When the diagonal cracking load is exceeded (point A), the wall follows the monotonic
curve until either the load is reversed or the yielding point B is reached {(point B was deter-
mined in the previous section in basis of the flexural yielding, and its interaction with the shear
deformations). If the load is reversed at point B, or before B is reached, the return path is a
straight line with elastic stiffness. This hypothesis is based on the phenomenon that upon
unloading, the materials used (steel and concrete) rebound almost elastically. Because of the
actual constitutive relation for materials (Figs. 5.24 and 6.5), the real unloading stiffness will be
slightly lower than that proposed by this model.

As shown in Fig. 6.23(b), when the load is removed after reaching diagonal cracking load,
there is a residual shear deformation because the cracks do not close completely.
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() Yielding Walt (Path BC) (Fig. 6.23[c])

When the yielding load is exceeded the response will coincide with the monotonic curve
until the load is reversed. Upon load reversal the wall will unload elastically (C1 D2).

If after reaching either DI or D2 a negative load increment is applied, the open cracks
along the compression diagonal (CB in Fig. 6.24 [a] and [b]) have to close before the diagonal
concrete strut becomes effective and the stiffness picks up again. Before that happens, the
shear resistance is provided by the dowel action and the aggregate interlock along the open
cracks. If the wall has been ioaded up to cracking in only one direction, a portion of the shear
resistance is also provided by the uncracked concrete cross-section.

The development of a microscopic model in which the panel with open cracks is modeled
requires a tremendous computational effort, and the results from such complex models have
been generally disappointing [71 to 73], although Ma et al. {24} were able to clarify the
mechanisms. This is due principally to the present lack of knowledge regarding the mechanical
behavior of cracked reinforced concrete, in particular in regards to bond slippage and interface
shear transfer.

Therefore it was decided at this point to develop guidelines based on the careful cbserva-
tion of the experimental results obtained in the present investigation {(i.e. Figs. 4.3, 6.19[al and
[bl, 4.15,4.47, and 4.57) and those obtained by other researchers [1,24,74,75]. The following
conclusions were gathered:

1. The deformation level at which the shear stiffness picks up after a load reversal
corresponds approximately to the zero shear deformation. This is because at zero shear
deformation the diagonal cracks along the compression diagonal (CB in Fig. 6.24) close,
and the diagonal concrete strut becomes effective, (This can be clearly observed in the
photogrammetric readings of Figs. 4.82(a) and (d), and the schematic representation of
the deformed configuration in Figs. 6.24(a) and (b). They show that at load point 83T in
Fig. 6.25 for Specimen 4, the diagonal cracks close and the stiffness changes drastically).
However due to bond-slippage and deterioration at the crack surfaces it would require the
deformation to go beyond zero shear deformation.

2. There is a maximum lateral shear resistance that can be developed while the diagonal
cracks in the panel are open (Figs. 6.25, 4.57, etc.), (also Refs. {1,74,75]). While this
maximum shear resistance is affected by a number of different parameters such as the
type of boundary elements, the amount and distribution of longitudinal reinforcement,
the concrete strength, etc., it seems to be mainly a function of the axial stress on the
specimen’s cross section. Referring to this maximum strength as the "friction shear
strength" ¥, a simple expression is assumed:

V, = loa+asf,4, (6.19)

Where /, is the average axial stress on the specimen’s cross-sectional area 4., and «a; and a;,
are constants determined on the basis of experimental results of this investigation and that of
Refs. [1,74,75] as:

a, = 0.104 MPa (6.20)
a, = 0.169 (6.21)

Table 6.2 shows the comparison of predicted and observed ¥, values. On basis of these
observations, points E and E’ on Figs. 6.23(d) and (e} are determined to be at the intersection
of the monotonic shear deformation curve with the friction shear strength level ¥,. The shear
stiffness of the wall diagonally cracked in both directions will change at these points. Note that
if the wall is not diagonally cracked in both directions (i.e. if point A’ in Fig. 6.23 has not been
reached previously) the shear resisting mechanism in this direction is still an elastic shear beam.
A way to take this into account is to define the reloading stiffness as D1 A’ or D2 A’
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instead (Fig. 6.23[e]).
(e) Further Negative Loading for the First Time

In the first excursion into the negative loading region (Path A’B’ Fig. 6.23[f]) the wall
follows the monotonic envelope until the load is reversed again . Upon load reversal the
behavior is initially elastic.

(f) Reloading After Cycling (Path EC2 Fig. 6.23[gl)

If the wall has previously reached both diagonal cracking points A and A’, and is loaded
beyond the friction shear strength load level ¥, (Eq. 6.19), it will follow path E C2, where C2
corresponds to the largest deformation previously reached in that direction, and to a degraded
strength. If the load is reduced before reaching C2. the behavior is elastic (point H). If the
specimen has not previously been loaded bevond yield in this direction, C2 matches point B
the corresponding yielding point in this dircction,

At present there is not insufficient data to quantify in a general form the amount of
strength degradation with shear cycling. Il this degradation is neglected, and the cyclic shear
behavior at ductility two is computed, the results shown in Fig. 6.26 are obtained.

Path A-B-C1 The monotonic curve (Fig. 6.17[a]) is followed (hysteresis rules [a], [b],
and ¢l up 1o a load of 984 kN which is the load determined analytically to correspond to a dis-
placement ductility of 2 (point C in Fig. 6.13). It can be observed that the shear deformation
determined experimentally is very close to the one determined analytically (point C1 in Fig.

6.26).

Path C1-D2 Unloading is performed elastically to zero load (hysteresis rule [c]). It can
be observed that the experimental unloading stiffness initially matches the elastic stiffness, but
decreases gradually before reaching zero load and good agreement is not obtained.

Path D2-F"Point E’ is determined at the intersection of the zero shear deformation with
the "friction shear strength ¥," (empirical Egs. 6.19 to 6.21) (hysteresis rule [d]):
0.868

V, = [0.104 + 0.169 037 10.32 (MN)

V. = 180 kN

where 0.868 MN is the axial load in the specimen, and 0.32 m? is the cross-sectional area. It
can be observed that point E’ agrees with the experimental results.

Path E’-F The loading path follows line E’-F, where F matches point B’ the mirror yield
point of the monotonic envelope (hysteretic rule [f]). It can be observed that the stiffness is in
reasonable agreement with the experimentally observed one.

Path F-G1 Loading is continued along the monotonic envelope to a load of -991 kN. This
load was determined analytically to be the load at which a nominal ductility of -2 is reached
(Fig. 6.13 and Table 6.1). The agreement with the experimental curve at this point is reason-
ably good.

Path G1-G2-E The procedure followed and the results are similar to those of path Cl-
C2-E’. Point E is the mirror point of point E’ (hysteresis rule [d]).

Path E-C1 Reloading after having reached yielding in this direction is done following the
hysteresis rule (f). C1 corresponds to the largest deformation reached previously in this direc-
tion. It can be observed that while the deformations differ from those of the experimental
results, the stiffnesses are in good agreement. This means that the location of point E is not
quite correct.
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6.4. Tip Displacement Component Because of Fixed End Deformations

6.4.1. Introduction

As explained in Section 5.1.3, in the particular case of the specimens pertaining to this
investigation, the fixed end deformations caused by the slippage of the longitudinal reinforce-
ment along its embedment in the foundation (Fig. 6.27) contribute only a minor portion of the
total tip displacement (see Figs. 4.2, 4.5, and 4.12). There are several reasons that explain this
situation: 1) the geometry of the Specimen (Fig. 5.15); 2) the extremely good embedment
length and confinement provided to the longitudinal reinforcement in the foundation; 3) the
existence of either a pull or push action only, on the longitudinal bars at a given time; 4} the
existence of distributed vertical panel reinforcement of small diameter which has more area to
transfer bond stresses than that of one large bar of equivalent steel area; and finally 5) the_
confining effect that the steel plates used for bearing the prestrassing rods attaching the speci-
men to the foundation (Fig. 6.28) have on the concrete they bear against. These steel plates
help prevent the spalling of the foundation’s unconfined concrete cover.

6.4.2. Solution Procedure
(a) General

The general approach to the solution of the fixed end deformation problem is summar-
ized in Fig. 6.29.

In order to predict the displacement &3 . oy Unider generalized loading conditions, the
specimen is assumed to be properly designed against shear effects, so that the dowel action
{because of the shear in the longitudinal reinforcement at the base of the specimen) has enly a
negligible effect in the longitudinal steel strain at that level. In this way the external action
relevant to @ .4 .,q 1S Only the moment at the base M,,.

As elaborated in Section 6.2, if the axial stress-strain relations for the materials used are
known, it is possible to determine the curvature (¢,) and the position of the neutral axis at
the base of the specimen as a function of a generalized moment at the base M, (see Fig. 5.3).
The steel stresses and strains at the base of the specimen €? and o ? are determined in this pro-
cess.

Having ascertained the longitudinal strains at the base of the specimen, it is necessary to
determine the strain distribution along the length of the embeded bar. This strain distribution
will allow determination of the bond slip (8;!) at the base of the specimen (Fig. 6.27).

The criteria for the determination of the strain distribution will be elaborated upon later in
this section.

(b) Analytical Expressions for Bond Stippage

In Fig. 6.27 the base of the foundation CC’ is the axis relative to which the displacements
are measured. The displacement of the steel section at the base of the wall 87 can be com-
puted as foliows:

X.
8/ = f €ldx (6.22)
) 1]

This expression is based on Bertero, et al. [22], and assumes that the straight boundary
CC’ of the foundation remains rigid.

The strain distribution along the embedment length € is in general unknown, and it is
convenient to express it as a function of the bond stress distributicn in the following way,
using:

eF = el—(ef—e)) (6.23)
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where (e/—e?’ is the decrease in steel strain from x=0 to x=x due to stress transfer

X 8 X
stress transfer = f ; 2 (6.24)
0 fas

where E, is the tangential modulus of elasticity corresponding to o, and

K pdx

4, (6.25)

o} =

where pu, is the bond stress, ¢ is the perimeter of the bar, and A, is the steel cross-sectional
area,

Therefore:
[ 9
ef = € — dx (6.26)
{ AE,
¢ j‘ﬂ
= €f — —|)— dx 6.2
AS 0 EL\’

using this last equation 8! can be computed as follows:

X

84 = f € dx

[¢]

e - [ 20
= e, j;_of Wk (6.28)

by using this expression the determinat.on of 8§ is reduced to predicting the bond stress distri-
bution along the bar. The bond stress distribution is highly complex, and varies as a function
of vl e? [, the degree of confinement, the deformations in the reinforcement bar, the degra-
dation with the variation of €2, the axial force in the specimen, etc. [20,22].

Since the tip displacement caused by fixed end deformations is rather small (about 10%
of the total tip displacement as shown in Section 4.3), a simplified mechanical model is con-
sidered to be adequate. The model gives an estimate of the peak value of bond resistance, and
an approximate bond stress distribution along the embedment length. More refined models
{warranted in beam column connections, where the fixed end deformation is rather significant)

are shown in Refs. [20,22].
{c) Experimental Data

The instrumentation pertinent to the fixed end deformation measurements are clip gages
K11, C11, K1, and C1 shown in Fig. 3.4. This clip gage set up is used to determine the bond
slip 87 at the base of the wall. It can be observed that clip gages C1 and C11 are attached to
the foundation (x=0 in Fig. 6.27) while gages Kl and K11 are attached to the base of the
column. Consequently the difference iri the readings of K1 and C1, and K11 and C11 gives the
opening of the crack at the base of the specimen. [t should be noted that for a true 8¢ reading,
C1 and C11 should be attached to the base of the foundation (plane C -C’ in Fig. 6.27), but
since the foundation is very rigid, it is assumed that the point at which the clip gages were
attached to (Fig.3.4) is far enough from the column to prevent localized distortions, and that
this point does not displace with respect to C-C’. '

Retated data were obtained with strain gages F1, F2, C1-C4, V1, and V2 (Fig. 3.5). It can
be observed that only one bar in each column is instrumented with a strain gage below the
foundation level. Gages C1-C4 give the maximum steel strains €? at the foundation level O-
Q’, and gages F1 and F2 provide some data regarding the strain distribution along the embed-
ment.
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It should be recognized that the data available are not sufficient to formulate an accurate
mechanical model. For that reason data obtained by Viwathanatepa {20] was also studied.

Figure 6.30 shows the fixed end deformation component for Specimen 3 presented in Fig.
4.5 after greatly expanding the horizontal axis.

Figure 6.31 compares the strain distribution data obtained in this investigation with that
presented by Viwathanatepa. A general agreement can be observed with some minor
differences: 1) The strain gradient along the reinforcement is larger in the case of
Viwathanatepa’s results. This is explained because the simultaneous appiication of the push and
pull action in the #6 bar specimen of Ref. [20] is different from the push only or pull only con-
ditions that the bars embeded in the foundation of the structural walls were subjected to. The
higher strain gradient is mostly noticeable in the region where the effect of the tension and
comptession forces overlap. 2} After a certain strain level, the unconfined concrete cover in the
specimens of Ref. [20] spalls. This is not the case in the specimens tested, the reason being
that the foundation of the structural wall was attached lo the anchor blocks at the test site by
means of prestressed rods (Figs. 2.17, 3.3[a], and 6.28). The bearing plates for those rods
together with the very good confinement for the column (Fig. 6.28) prevented the spalling of
the unconfined concrete cover reported in Refs. [20,22],

According to Viwathanatepa’s observations, the region of the concrete disturbed by a # 6
stressed bar, when good confinement is provided, amounts to a cylinder concentric with the bar
and with a radius of 50 mm. For this reason no interaction is expected between the different
longitudinal reinforcing bars at the base of the walls (Fig. 6.28[a]).

(d) Analytical Prediction of Fixed End Deformation

The general process for deriving the fixed end deformations is summarized in the flow
chart of Fig. 6.29. The following assumptions are used in the analytical prediction of the fixed
end deformation:

1. The strain distribution in the cross-sectional area of the boundary elements is assumed to
be constant.

2.  The effect of the panel reinforcement which comprises 25% of the total longitudinal rein-
forcement is considered in the computation of the moment-curvature relation at the base
of the wall. In this way, its effect is taken into account in the evaluation of ¢/ (the ten-
sile steel strain at the base of the wall in Fig. 6.27).

3. The steel stress-strain is idealized as shown in Fig. 6.2. A more elaborate model (i.e. Fig.
5.24) is not warranted in this case.

4.  As previously explained, because of the very good confinement provided by the hoops in
the column and the presiressing plates, all the concrete along the embedment length is
assumed to be confined (there is no spalling of unconfined concrete cone [22]), and no
interaction is expected among the longitudinal bars.

(e} Numerical Computations

It is necessary to distinguish different regions in the behavior as a function of the bar
straining:

D Region e < e!

It should be recognized that the data available from this investigation [Section 5.4.2.(c)]
are not sufficient to estimate the bond stress distribution. For this reason data reported by
Viwathanatepa [20] were also studied. It is apparent from Figs. 6.31(a) and (b) that a constant
bond stress distribution with a peak stress of 10 MPa could approximately represent the bond

stress distribution in the reinforcement.
For a strain € = e, = 2100 ue or a stress o, = 444 MPqa, which is reached at a load

(Table 6.1) of 774 kN, and a bar diameter d of 19 mm,
the required embedment length /, is:

= 209 s (6.29)
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This represents the length required to transfer the required steel stress to the concrete.

While initially (before any cracking takes place) the wall can be considered to behave
elastically, and the deformations in the compression region are as large as the ones in the ten-
sion region, as soon as cracking initiates, “he pull out in the tension side is much greater than
the delormation in the compression side The latter is neglected in this presentation. The
effect of this assumption can be derived from inspection of Fig. 6.27. If 82 is zero, the tip dis-
placement 83 ;;,.s .0 i5 slightly underestimzted, This can also be expressed as:

h3 h3
83/‘ixed end T (833 + 6;“ —_—= 6sA -

. 1 (6.30)

The value of 8/ can be computed replacing x = x. = 209 mm in Eq. 6.28.

84 = 0.219 mm
and the related third floor flexural displacement is (Eq. 6.30):
8 iy
B3 fixed end = = 0.31 mm

which is shown as point (A) in Fig. 6.30. The initial stiffness of the base shear-fixed end defor-
mation component diagram is then

Kg,[ured end 774/031 = 1497 kN/mm

2) Region ¢! > €

Figure 6.32 shows the bond distribution assumption and corresponding stress and strain
distributions. These are very simplified relations. More comprehensive models are presented in
[20,22].

The embedment length required to transfer the stress at the point when the maximum
load was reached in the wall is:

639 MPa x 18.9 mm

W= T o Mpa 302
and the value of 8;! can be computed as:
of = ZXDL o 93500021 + SHBE2 — 59 m

Neglecting the deformation in the compression side, the third floor displacement can be com-
puted from Eqg. 6.30.

83 fived end T 8.4 mm

This is shown as point B in Fig. 6.30.

Other intermediate points (C and D) computed in a similar way are presented in Fig. 6.30.
In spitc of the very crude assumptions regarding bond stress distributions good results were
obtained as can be seen in Fig. 6.30.

6.5. Evaluation of Analytical Results for Overall Force Deformation Reiations

Experimental and analylitical strengths at diffcrent stages are compared in Table 6.1. Fig-
ure 6.33 shows the curve obtained by superimposing the deformation components (Figs. 6.10,
6.17, and 6.30) and its comparison to the experimentally obtained overall deformation curve.

The force deformation values at a few chosen points are compared lo the experimental



results in Table 6.3, The determination of these points is illustrated as follows:

1. At the analytical flexural cracking load of 267 kN, the flexural deformation as obtained
from the finite element analysis is 0.9 mm (Table 6.1). The shear deformation model is
in the uncracked stage (Fig. 6.17), and is computed as

83 shear = 267/K(1 shear T 267/592 = 0.45 mm

The fixed end deformation (Section 6.3.3.[el) is computed as
53 Sixed end = 267/](5_11'(('(1 I 267/2497 = 0.11 mm

The tolal displacement oblained adding these components is

83 = 1.5 mm

2. The procedure can be repeated for the following points. At the analytical diagonal crack-
ing load of 356 kN, the deformations are found to be:

83 flexural = 1.3 mm
83 shear = 0.6 mm
53 fixed ond T 0.14 mm

83 - 2] mm
3. At 774 kN, when the first yield of steel is analytically determined to take place, the
flexural deformation (Table 6.1) is 8; ;. = 5.3 mm. The shear deformation is beyond

the transition point of 445 kN at which the shear resisting mechanism changes [Section
6.2.3.(b), and Fig. 6.17(a}]

83 ey = 445/KS yowe + (TT4—845)/KS per = 5.69 min

The fixed end deformation is computed as
83 fived ena = 174/2497 = 031 mm
and the overall deformation is
8; = 11.3 mm

4. At the maximum strength point of 1090 kN:
83 st = 11.9 mm (Table 6.1)
The shear deformation can be estimated from the overall tangent shear yielding stiffness
K3 owr = 4.82 KN/mm [Section 6.3.2.(¢)].
8% shopr = 3.69 + (1090 — 774) /K4 e = 71.25 mm
The fixed end deformation was computed in Section 6.4.2.(e) as 8.4 mm and the overall
deformation is :
83 = 152 mm

The agreement obtained is very good. In this way the original objective of develeoping a

physically reasonable model of structural wall behavior under high shear conditions was

achieved. Without further study, the idealization should not be applied to walls with openings,
nor to walls with special panel reinforcement, (i.e. walls with diagonal panel reinforcement).
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7. CONCLUSIONS AND RECOMMENDATIONS

7.1. Conclusions

The conclusions presented herein zre based on the limited studies conducted, and should
be considered as preliminary findings.

First, conclusions are presented regarding the main parameters controlling seismic
behavior and design. These parameters are: strength; stiffness; stability and deformation; and
energy absorption and energy dissipation capacities. Next, conclusions are presented regarding
different factors that can affect the abovz parameters. These faclors are: toading history; cross
section; confinement of edge members; and moment-to-shear ratio. Finally, some conclusions
are presented regarding the effectiveness of the repair technique used.

7.1.1. Main Parameters Controlling Seismic Behavior

(a) Strength

1. UBC’s Eq. (9-5) underestimates the flexural cracking load capacity of reinforced concrete
structural walls. Better results can be ottained by replacing the value of /, in that equation by
the equivalent moment of inertia of the composite reinforced concrete cross section.

2. Ultimate strength, computed according to present code formulas is less than the actual
flexural strength capacity. This is primarily due to the fact that the code does not account for
steel strain hardening.

3. The strength of properly designed siender walls (i.e. walls in which their lateral load capacity
is controlled by their flexural strength) can be accurately estimated at different levels: cracking,
working, yvield, and maximum. The analysis must be based on realistic material mechanical
characteristics and the assumption that plane sections remain plane.

4, The maximum flexural strength of a reinforced concrete structural wall can be estimated in a
simple way by:

Mmax:: (Asl(,rfmax+D/2)d

where
A, = Cross sectional steel area in boundary element.

JSmax= Maximum tensile strength of longitudinal reinforcement in the boundary element.
D = Axial dead load in specimen.

d = Effective depth of section, essumed to be the center-to-center distance between
boundary elements.

5. Shear strength under monotenic loac conditions can not be computed accurately from the
UBC code equations, because these equations do not accurately reflect actual physical behavior.
The following parameters are neglected in the code: the actual material properties, the contribu-
tion of the boundary elements; the strain hardening of the wall steel; and the effect of the floor
slabs in restraining the opening of the shear cracks.

When the wall is subjected to very high moment and shear, wide flexural and diagonal
cracks open on the tension side of the neutral axis. The interface shear transfer along these
wide open cracks is very low; and the only portion of the wall that can effectively resist shear is
the well confined concrete and longitudiral steel in the compression boundary element. Under
these conditions, shear stresses greater than 0.96 and up to 1.82 \/—fT Mpa could be developed
in the compression boundary element.

It should be noted that, in the code equations, the effective depth of the wall is con-
sidered to be 0.8 /,. This depth is used to compute the nominal shear stress. As the investiga-
tion reported herein demonstrates, after failure of the panel, only the well confined concrete
and longitudinal reinforcement in the compression boundary element should be considered to
resist shear effectively, and the maximum. allowable shear stress value should be revised.
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6. Under cyclic load reversals, the wide cracks due to inglastic deformation of the longitudinal
reinforcement do not close inmediately following load reversal. There is a range of loading
where cracks along the whole cross section of the member remain open. At this point shear
resistance is provided only by aggregate interlocking and dowel action. The aggregate interlock-
ing deteriorates with cycling because of the grinding effect that takes place at the surface of the
cracks; the only effective dowel action is that of the steel in the boundary member. The code
equations are based on results of monotonic tests only and do not account for this deterioration
and reduction in shear strength.

7. In the framed walls, nominal shear stresses of 1.116\/}5 MPa (13.43 +/f, psi} were
developed before shear failure took place. In the rectangular walls, the maximum nominal
shear stress developed was 0.783 +/f, MPa (9.43 /£, psi), without inducing shear failure.

8. In all the tests reported the walls were capable of supporting the axial load due to gravity
forces, even after the lateral load carrying capacity was lost.

(b) Stiffness

1. The stiffness of uncracked walls can be accurately estimated using beam theory and inciuding
shear deformations.

2. In order to estimate the stiffness of cracked or yielding walls subjected to high shear stresses:
(a) realistic mechanical characteristics of materials should be used; and (b) the stress redistribu-
tion due to concrete cracking should be accounted for. Suggestions are made in this investiga-
tion of ways to estimate the stiffness off walls after cracking and yielding take place.

{c) Stability
1) Monotonic loading
Two distinct modes of buckling should be considered: local buckling and wall buckling.

The possibility of local buckling is determined by the diameter of the longitudinal rein-
forcement; the spacing of the lateral confinement; the stress-strain characteristics of the steel;
the strain levels reached in the longitudinal steel and the workmanship which affects the
effective buckling length. In order to reduce the possibility of local buckling large diameter
bars and small lateral reinforcement spacing with high strength lateral reinforcement should be
used.

The maximum compression strain that can be reached in a boundary element under
monotonic loading is limited by the steel strain corresponding to buckling stress in the longitu-
dinal reinforcement f,

wd
45 K

foo = )V E,

where K is the "effective length factor", a function of the workmanship (good workmanship
should provide for good contact between the lateral confinement and the longitudinal reinforce-
ment), d is the bar diameter, s is the tie or hoop spacing, and E_, is the steel modulus
corresponding to the buckling strain.

The possibility of wall buckling is determined by the ratio of the unsupported height of
wall to the thickness of the confined concrete cross-section, and the compressive strain that can
be reached.

2) Cyclic load reversals

Under load reversals the possibility of buckling increases because of the reduction of the
effective El of the wall cross section. This reduction is caused by: a reduction in the modulus of
elasticity of the longitudinal reinforcement steel because of the Bauschinger effect. and a
lessening in the moment of inertia in the cracked concrete section because of residual tensile
cracks. Buckling then is determined by the tensile strain reached in the steel and the crack
widths.
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(d) Deformation

1. ANl walls yielded before reaching the UBC allowable story drift index of 0.005 K. Thus,
except for cases where poor soil conditions can lead to significant rocking and/or sliding of the
wall foundation, walls similar to those studied herein will satisfy the code allowable drift index.

2. The maximum interstory drift values obtained in the tests on the virgin specimens were
greater in all cases than 0.015 (the maximum acceplable story drift under nonlinear response,
according to the ATC recommendations). The values obtained were 0.0623 and 0.0405 for the
monotonic and cyclic tests on framed walls, and 0.0238 and 0.0193 for the monotonic and
cyclic tests on rectangular walls. This means that the available maximum deformation capacity
of the tested walls exceeded the limit recommended by the ATC document {34].

3. The maximum overall deformation reached in the framed walls was 186.5 mm (correspond-
ing to a nominal ductility value of 9.8). The corresponding value for the rectangular walls was
138 mm.

4. For the specimens tested, the maximum average curvatures observed in the critical cross sec-
tion and measured over a length of 0.381 m, were 0.032 rad/m for the framed walls and 0.019
rad/m for the rectangular walls. The maximum rotations at the first floor level were 0.0438 and
0.021 rad respectively.

5. For the specimens reported, the contribution of the fixed end deformations to the total third
floor displacement is small: 7% to 11%. Under monotonic loading the shear deformations are
almost in a constant ratio with the flexura} deformations (8; .., = 0.46 8; ,, for the framed
specimen, and 83 g, = 0.43 83 ., for the rectangular specimen). Under cyclic loading 83,
increases with the number of load reversals and the intensity of the deformation, reaching 0.87
and 0.85 3, ,,, for the framed and the rectangular walls respectively.

6. Using the procedures developed in this investigation, the wall deformations under high shear
stress conditions (v. > 6\//‘—( psi or 0.5 </ f. MPa) can be predicted under monotonic load con-
ditions up to the maximum flexural strength level. Procedures to determine the wall deforma-
tion under cyclic loading, are also presented but require further refinement.

(e) Energy Absorption and Dissipation
1. In the virgin framed wall subjected to monoctonic loading the energy absorption increases

with the lateral deformations (after yield the rate of increase is almost linear). The flexural
deformations constitule the main source of ecnergy absorption.

With cyclic loading the relation betwzen energy absorption and lateral deformaiion is not
linear any more, but changes as a function of the crack opening and magnitude of deformation.
When cracks are open all across the specimen’s cross section, the energy absorption capacity of
the specimen is small and the shear deformations are the main energy absorption mechanism.
When the specimen is deformed far encugh so that cracks close, the stiffness and energy
absorption starts to increase, and flexural deformations become the main source of energy
absorption.

2. The normalized energy dissipation capacity {energy dissipated by cycle / one half displace-
ment variation per cycle) of the structural walls tested is 20 times greater than that of ductile
frames in a building of similar height, and almost 10 times greater than that of infilled frames.

3. The energy dissipation capacity of the framed wall specimens subjected to cyclic loading is
23% higher than that of the rectangular walls, However, for displacement amplitudes smaller
than those corresponding to failure of the rectangular wall, the normalized energy dissipation
for the rectangular wall is approximately 1¢% larger than for the framed wall.

7.L.2. Factors Affecting the Parameters that Control Seismic Behavior
(a) Effect of Loading History

1. The hysteretic behavior of the cyclically loaded specimens showed a decrease in strength
with respect to the monotonically loaded specimens of 8% for the framed walls and 5% for the
rectangular walls.
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Under monotonic loading a displacement ductility ratio of 9.8 was reached. However, as soon as
the load was reversed to a value of only 35% of the monotonic maximum strength, instability
failure of the whole compression boundary element took place. Thus, such a displacement
ductility ratio can not be used for seismic design.

3. The overall deformation capacity is the sum of the maximum positive and negative displace-
ments in one cycle. The drop in overall deformation capacity under cyclic loading with respect
to that under strictly monotonic loading was 26% for the rectangular walls, and 22% for the
framed walls with hoop confinement in the boundary elements.

4. Cyclic loading contributes to the opening of flexural cracks throughout the whole wall cross
section and in a region near the base of the specimen. Increased shear deformations took place
along these horizontal cracks and shear failure occurred in this region.

5. The natural frequency of the specimens, as determined from the small amplitude free vibra-
tion tests, consistently decreases with increases in the maximum ductility level as well as with
increases in the number of cycles at certain level of displacement. The reduction was on the
order of 50% at a nominal ductility of three indicating a change in stiffness of the order of four.

6. The damping ratio in the virgin specimens ranged from 0.0183 to 0.0261, during small ampli-
tude free vibration tests. After the specimens underwent yield deformations, the damping dur-
ing small amplitude free vibration tests increased to a maximum of: 0.0452 at a nominal ductil-
ity value of w = 2; 0.029 at & = 3; and 0.038 at u = 5.
(b) Effect of Specimen’s Cross Section

The specimen’s cross section had a considerable effect on the specimen’s behavior.

1) Strength

In the framed walls, the maximum analvtical flexural strength was reached experimen-
tally. In the rectangular walls, the experimental strength reached 92% of the analytical flexural
strength. At this strength, instability failure took place.

2) Deformation

The maximum overall deformation reached in the framed walls was 186.5 mm, 35%
higher than the corresponding value for the rectangular walls.
3) Stability and mode of faiture

Under monotonic loading the framed wall failed with local buckling of the longitudinal
reinforcement. Under cyclic loading, a flexural shear failure developed with a crushed concrete
band along the base of the specimen. The rectangular walls, in turn, had instability failures
under both monotonic and cyclic load.

The out of plane instability of a structural wall in the region of large inelastic deforma-
tions should be considered, especially in thin rectangular walls.

Framed walls have better stability characteristics than rectangular walls with similar panel
thickness.
4) Construction

Rectangular walls have architectural advantages over and require simpler formwork con-
struction than framed walls. However, the construction of the spirally confined columns in the
framed walls is easier than the construction of columns with hoop confinement in thin rec-
tangular walls.
{c) Effect of Hoop vs. Spiral Confingment
1. For all practical purposes, flexural strength is the same for walls with spiral confinement in
the boundary elements and similar walls with hoop confinement in the boundary elements. The
greater loss of concrete cover area in the boundary elements with spiral confinement is compen-
sated for by a higher increase in strength of the confined concrete.

2. The closer spacing of the spiral confinement allows the development of larger compression
stresses in the boundary element before local buckling of the longitudinal reinforcement takes
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place.

7.1.3. Effect of Repair Technique

1. The repair technique that was used was to replace the damaged concrete in the first story
panel and to increase its’ moment and shear capacity so as to have most of the damage occur in
the second story. This repair technique proved to give good results. The repaired specimen
was as strong as the previous specimen, it’s flexural strength was greater than that of the origi-
nal specimen. This might not be always desirable, as it might increase the possibility of prema-
ture shear failure in the upper stories.

2. The overall deformation capacity of repaired walls was reduced by as much as 17%, compared
to the deformation capacity of virgin walls. The overall interstory tangential drift capacity was
reduced by as much as 20%, although rupture of welded tension reinforcement in the boundary
glements was observed to initiate at an interstory tangential story drift of only 0.007.

3. The stiffness of the repaired specimens was similar to that of the cracked original specimens.
But the interstory drift stiffness at the siory where failure took place was four times greater for
the repaired specimens.

7.1.4. Effect of Moment-to-Shear Ratio

1. No tests were performed i which the moment-to-shear ratto was the only parameter chang-
ing. However, testing of the repaired walls in which failure was obtained in the second story
indicates that a reduction in the moment-to-shear ratio increases the possibility of shear failure
by crushing of the concrete in the compression region of the panel, and reduces the available
deformation capacity.

7.2. Implications of Results Obtained in Seismic Resistant Design

7.2.1. Evaluation of Critical Load Condlition

1. The UBC code provisions do not consider several factors that can increase the probability of
brittle shear failure. Some of these factors tend to increase the actual moment capacity of the
wall. Others tend to decrease the moment to shear ratio of the forces acting on the wall; and
still others tend to decrease the shear capacity of the wall. In the first group are: the actual
yielding strength and strain hardening cf the reinforcing stecl; the actual strength of the con-
crete at the time the earthquake excitation takes place; the vertical steel reinforcement in the
panel; and the axial force in the wall. In the second group are: the cffect of the higher modes
of response; the interaction of the wall and frame systems; and the softening of the lower floor
panels during nonlinear response. All of the factors in this second group affect the distribution
of the lateral forces acting on the wall and the moment-to-shear ratio in the critical section. In
the third and most important group is the effect of load cycling, and the effect of axial forces.

In order to compensate for these assumptions, the 1973 UBC code specifies a factor of
2 (1.4 E/¢) for the shear loads. This amounts to a total factor of 3.24 E. However there is no
certainty that even such a high load facior will be enough to prevent shear failure. The new

1976 UBC code increases the probability of shear failure by decreasing the factor to 2cTE

7.2.2. Design Criteria

The code criteria for design of walls against shear is not consistent with that used for duc-
tile moment resisting frames. [t is necessary to design against shear according to flexural
strength and the largest expected shear-tc-moment ratio of the forces acting on the wall.

Realistic material properties should be used to estimate the wall’s flexural strength,
accounting for the effect of the axial load and panel reinforcement. in determining the critical
V/M ratio, the effect of higher modes of vibration, the interaction of wall frame systems, and
the nonlinear response of the structure should be accounted for. Finally, it is necessary to
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consider thg: reduction in_shear strength under cyclic load reversals and high shear conditions
(v, = 6+/f, psi. or 0.5 \/f, MPa).

7.2.3. Selection of Wall Cross Section (Minimum Dimensions)

The slenderness of structural walls should be limited to prevent instability failures.
Ideally this limitation should be a function of the ductility desired. It is suggested that Paulay’s
recommendation [53] be modified and adopted. Paulay has suggested that the wall slenderness
should be limited so that: the thickness of any part of a wall where the combination of flexure
and axial load can produce a compressive strain of 0.0015 m/m should not be less than A, /10;
where h,, is the clear vertical distance between floors or other horizontal lines offering effective
lateral support. Ideally, the wall slenderness should be limited not only as suggested by Paulay,
but aiso as a function of the crack opening required to reach the desired ductility. This was
demonstrated experimentally in the investigation reported herein.

7.3. Recommendations for Future Research

7.3.1. Experimental
The results of the investigation reported suggest further study of the following areas:

1. To study ways of improving the hysteretic behavior of reinforced concrete wails when these
walls are subjected to load reversals under high shear conditions (= 0.5 f. MPa or > 6 f;
psi} that cause a degradation of the shear strength capacity. A possible way to do this is
through the use of diagonal pane! reinforcement. In this way the reinforcement would be capa-
ble of taking the diagonal tensile stresses more efficiently, and under load reversals could delay
the degradation along the flexural shear crack observed in the cyclic tests,

2. To investigate the relative importance of panel steel spacing and panel steel percentage.

3. To search for repair procedures that can restore the original available ductility. In particular,
to search for a solution for the problem of brittie longitudinal reinforcement, which is a conse-
gquence of previous strain hardening and heat treatment of the reinforcement during welding.

4 To study the effect that a realistic foundation has on the behavior of R/C wall systems. The
specimens tested were attached to very stiff concrete blocks which do not represent usual foun-
dation conditions. The flexibility in the foundation can introduce changes in the boundary con-
ditions and dynamic characteristics of the structure. This affects the distribution of the shear
forces on the wall (M/V ratios).

5. To study ways of improving seismic design methods. Structurai walls should have enough
shear strength to withstand the maximum shear that could be developed with the available
moment capacity and the largest realistic V/M ratio. The effect of higher modes of vibration
and nonlinear structural response should be accounted for in the determination of the max-
imum V/M ratio.

7.3.2. Analytical

1. To implement a concrete finite element in which the capability of accounting for shear
transfer vs shear slippage along the surface of open tensile cracks is available. A force slippage
relation that could be used in this model is not vet available. However, a "sawtooth” idealiza-
tion for the crack surfaces (such as that shown in Fig. 7.1), in which the amount of slippage is
limited as a function of the crack opening, would be a significant improvement over presently
available methods.

2. To implement a finite element capable of accounting for the effect of the reinforcement
crossing the cracks on the interface shear transfer.

3. To improve the mathematical models developed in Chapter 6, or develop a new model to
predict the response of structural walls subjected to generatized loading.



4. To carry out analytical studies of nonlinear response of R/C structural wall systems subjected
to different ground motions, in order to estimate demands (number of yielding excursions,
magnitude of inelastic deformations, maximum value of V/M, etc.). Demands must be
estimated in order that walls may he designed and detailed so their available capabilities exceed
expected demands.
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TABLE 2.1

ESTIMATED WEIGHT OF SEVEN-STORY PROTOTYPE BUILDING

Floor Area of Building

Slab

Mech. & Rfg.

Partitions
Columns
Shear Walls
Ext. Walls
Spandrel

1 021 m?

Roof Weight (kN)
(23.6 kN/m®)(.203 m)(1 021 m?)
(.96 kN/m?)(1 021 m?)}
(.48 kN/m?)(1 021 m?)
(4.38 kN/m)(1.402 m)(2
(23.6 kN/m*)(2.485 m?
(2.92 kN/m)(147 m)
(4.38 kN/m)(147 m)

8)

x 6)(1.402 m)

Total Roof Weight =

4 891
980
490
172
493
429
644

8 105 kN

Typical Floor Weight (2nd Floor to 6th Floor) (kN)

(23.6 kN/m®)(.203 m)(1 021 m?)

(1 021 m?)
021 m?)
.54 m)(28)

(2.485 m?

147 m)

47 m)

Slab

Mech. & Fig.

Partition
Columns
Shear Walls
Ext. Walls
Spandrel

Slab

Mech. & Flg.

Partition
Columns
Shear Walls
Ext. Walls
Spandrel

Total Building Weight =

(.
(.
(
(
(
(

(
(.
(.
(
(
(
(

48 kN/m?)
96 kN/m?)
4.38 kN/m)
23.6 kN/m®
2.92 kN/m)
4.38 kN/m)

(1

(2
)
(
(1

Total Typical Floor Weight =

x 6)(2.54 m)

First Floor Weight (kN)

23.6 kN/m?*)(.203 m)(1 021 m?)

48 kN/m?)(1 021 m?)

021 m?)
15 m)(28)

(2.206 m® x 6)(3.15 m)

96 kN/m?)
4,38 kN/m)
23.6 kN/m?

2.92 kN/m)(147

4.38 kN/m)

(
(1
(3.
)
(
(

)(147 m

)

Tota1 First Floor Weight =
8 05+ (5)(8 640) + 8 928 =

4 891
490
980
312
894
429
644

8 640 kN

4 891
490
980
387

1107
429
644

8 928 kN

60 233 kN



TABLE 2.2

SPECIMEN TYPES AND THEIR MAIN CHARACTERISTICS

Shear Span
(hy = % ) hv
f forces e P P F P p"
Wall Type Colunin Panel ol i 1 column -| Ph " Pn column
Dimensions Dimensions acting on Wall W
(m x m) (mx m) (m x m)
Framed_
{lgeggégn 0.254 x 0.254 1.880 x 0.102 4.383 1.83 | 0.0353 0.0082 0.0154
Building
F(?ectanguhr
7 Story
Building} 0.114 x 0.279 1.885 x 0.114 0.0557 0.0054 0.0184

3.849

1.595




TABLE 2.3
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MECHANICAL CHARACTERISTICS OF MATERIALS

(a) STEEL PROPERTIES (MPa)

Col. Transverse Reinf.

(gage No. 7 wire)

Wall Reinf.
(#2 Bar)

Col. Long. Reinf.

{(#5 Bar)
(#6 Bar)

Repaired Col. Long. Reinf.

(#8 Bar)

f
y
440
507

482
444

454

max

479

730

687
639

668

(b)

Footing
f! (MPa) 1st F1.
¢ . |2nd F1.
(27.53)" | 3p4 r1.
Concrete [Splitting
[}
ft(Mpa) Flexural
Repaired {Sp]itting
Concrete
| Flexural
ft (MPa

*Specified at 28 days.

33.2
35.2
35.4
33.8

3.3
3.7

CONCRETE PROPERTIES AT

4 AR
34 34.5
35.1 50.4
35.4 36
37.3 38
3.4 3.6
3.7 4.36
3.63
4.4

TIME OF TESTING

Test No.

3R 5 6
34.5 35. 35
51.7 34.5 34.7
36 33.5 34.5
38 32.4 34.5
3.81 3.25 3.2
4.46 3.5 3.6
3.7

4.5

3.3
3.7

3.4
3.3

5R
35

38
36

W W
B .
o w
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TABLE 2.4

CONCRETE MIX PROPORTIONS

(a) ORIGINAL SPECIMENS

Weight for one cubic meter
Material

(KN)
Type 11 Santa Cruz Cement 4.04
Water 2.34
Antioch Fine Sand, FM = 1.54 1.94
Pleasanton Top Coarse Sand 6.91
Pleasanton 6 mmx 3mm Fine firave]l 7.40
Total 22.63

Stump 125 mm

(b} REPAIRED SPECIMENS

Weight for one cubic meter

[kN)
Cement™ 4.79
Water {2/3 Crushed Ice) 2.0
Olympian No. 1-1/2 Coarse Sand, FM = 2.3 8.73
Watsonville 6 mm Crushed Granite 7 .54
Total 23.06

Slump 50 mm

*
Type II Sants Cruz for framed wall specimensy Chem. Comp. for
rectangular specimens.



TABLE 4.1
SHEAR WALL TESTS

Specimen Load Max.+| Max.- | Max.+ Max.- Max. Nominal Failure Mechanism
Program | Load Load Displ. | Displ. | Shear Stresst
(kN) {kN) {mm) {mm}) (MPa)
3 monotonic} 1090 } -381.6 185 -1.4 5.566 Tocal buckliing during first branch
036,57 of monotonic loading: instability
Rl upon load reversal
m .27/f(':)*
w 4 cyclic 1008 | -987 72 ( -73 5.195 flexural shear cracking and crushina
— -09.7 y of first story panel
é at -205 .876/??_~
= ) €N} (10.55/1‘&)*
[am] 4R monatonicl 1797 | -914 178 2R Tl R ARA rupture of tencion weinforcoment and
= buckling of compression reinforcement
[ =
%‘_: 1114 in second story; crushing of third
o (13.41/FD* story panel and teaving of third floeor
b slab
3R cyclic 1300 }-1089 83.5 -45 6.7 crushing of second story panel;
(-74 at T tearing of third floor slab
2251 KkN) 1. 16/FL
(13.43/F0)*
5 monotonicl 916.3]1-847.4 80.71 -57.12 4.164 instability during first branch of
VD monotonic loading; instability upon
' ¢ load reversal: flexural shear faiture
(8.54/F0)* at first story
n 6 cyclic | 886.2| -870.5 | 50.2 [ -52.2 | 3.956 [ Tnstability
= LE7FL
= @ NAD*
o .
< 6R monotonic|1162.2 (-11498 63.45 -59 4.76 rupture of tension reinforcement
=4 (-126.09 7837 and buckling of compression
8 at -588kN) s reinforcement in second story
= (3-43/%D)
— SR cyclic 1065 |-1027 50.57 -50.1786 4.3b rupture of tension reinforcement and
ﬁ ,707/?: buckling of compression reinforcement
o . (8.51/F0)* in second story
) C

¥ computed as (V/.8w bw)m

* .
psi

ax

_66._



EXPERIMENTAL FREQUENCIES AND DAMPING VALUES FOR STRUCTURAL WALL MODELS

TABLE 4.2

Urigingl Specimens Repaired Specimens
Excitatian : ‘Damageu?tate o (Prel\.ll "o - Damage State
Specimen Vlr?1n =3 Specimen of Cycles) virgin u=3 b5
(] c for Original (4 (3 €
W (i) ¢ (C.;) o () £ (Cc) roriginal |y (wo)|e (Cc) o (H2)g (Cc) w (H2) e (Cc)
Anbient Framed 20 27 .1
Hammer Impact Wall 3 15 . 0181 ( IR +10.4 27.25 |.0207
cyclic ;
Sudden Release (monotonic 45 L0261 ) (1) 23.5 .0397
Toading)
loading) A= .08 nm A= .28 mn
Ambient Framed 41 3.0 23.6
Hanmer Impact Wall 4 41.5 |.0173 iR 4 28.5 |.0151 | 23.2 |.0127 | 12.2 |.0157
Sudden Release . 41 .0217 (monotonic 27.5 |.0452 | 21.8 |.0241 | 9.8 |.0380
{cyclic , {12)
Toading)
loading) A= 10 am A= .25 mm
s
Arbient Rectangular 40 29.6 ! +3 36
g
Hammer Impact Wall 5 39.5 | .0056 22.7 | .0109 I R ) {(12) 39.875|.0081
Sudden Release | (1o | 39,7 L0183 | 221 |.0228 (cyclic 39.375] .0146
IRONoLon loading)
loading) A = .09 mn A= 127 mm
Ambient Rectangular 37.8 17.6 + 5.88 29.7
o e 6R ‘ .
Hammer Impact Walt 6 18.6 1.0134 17.0 |.022? ] 37.0 .0105
Sudden Release | (g 37.2 |.0232 | 16.1 1.0297 {monotonic - 3.62 36.1 | .0227
o ’ loading) ()
1pading) A= .09 mm A= 102 mm
i !

-001-



TABLE 5.1

STRENGTHS OF SPECIMENS (KN)

Flexural Crack lLoad

Diagonal Cracking Load

Computed

Based on equiva-
Jent composite
Specimen Measured Based on Ag area Measured Computed
3 222 162.0 175.4 n 352.6
4 222 162.0 175.4 355 352.6
5 110 100.5 129.8 278 227.0
3 123 100.5 129.8 278 227.0
Working Load (fs < 165.5 MPa) Initial Yielding
Measured Computed Measured Computed
3 453 400 761.2 706
4 480 400 706
5 265 292 624.0 624
6 290 292 624.0 624

-T01-



TABLE 5.2

COMPARISON OF SPECIMEN STRENGTHS

Specimen Strengths kN (kN-m}

Flexural Shear
Specimen Measured CodeJr Approximate Refined UBC Code¥*
Analysis Analysis

3 1090 (4777) | 876 (3841) 931 (4083) 1095 (4799) 826
4 876 (3841) 826
5 916 (3525) | 510 (1962) 844 (3249) 979 (3768) 684
6 510 (1962) 684
3R 1300 (4113) (1213 (3841) 826
4R 1297 (4103) |1213 (3841) 1289 (4083) 1516 (4799) 826
5R 1162 (3056) | 746 (1962) 684
6R 1065 (2801) | 746 (1962) | 1234 (3249) 1432 (3768) 684

.i..

Code values are on the basis of specified material properties.
computed on the basis of the moment values and the M/V ratio used in the experiments
(not the M/V ratio specified by the code).

*Values are on the basis of specified material properties.

The force values are

¢ factors are not included.
$ factors are not included.

-201-
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TABLE 5.3

CURVATURES

Maximum Curvature at Maximum Strength Level (rad.m)

Specimen Experimental Analytical
3 0.032 0.035
5 0.019 0.031
TABLE 5.4
SECANT STIFFNESS (MN/mm)
Initial Cracked At First Yield
Spacimen Measured Computed Measured Computed Measured Computed

3 .216 .220 .161 151 .0603 .0871
4 179 .220 157 .151 .0664 .0871
5 241 .230 121 .156 .059 098
6 .238 .230 .124 156 .058 096




TABLE 5.5
SECANT STIFFNESS COMPONENTS AT FIRST YIELD (MN/mm)

SECANT STIFFNESS COMPONENTS AT FIRST YIELD (MN/ mm)

Fixed-End Shear Flexural Total
Stiffness Stiffness Stiffness Stiffness
Specimen I
Measured|Computed |Measured|Computed iMeasured |Computed ;ﬁ?%ﬁﬁ;ﬁiéﬁi@ g$:§:§$dD§§gT. Computed
3 .757 w .150 213 149 147 0678 .0603 L0871
4 3.192 % 181 213 149 147 0732 .0664 .08
5 .762 @ 1893 .226 .118 .150 .0668 .059 .096
6 .626 | = 192 .226 11z .150 .0636 .058 .096
TABLE 5.6

CONTRIBUTION OF DIFFERENT SOURCES OF LATERAL DEFORMATION AT THIRD-FLOOR LEVEL

-%01-

i Level of Behavior o
! Specimen w o= 1 u o= 3 l M=
Fixed Shear Flex. Meas. Error | Fixed Shear Flex. Meas. Erraor IFixed Shear Flex. Meas. Errar
End % End % |End %
mm mm mm mm mm mm mm mm I mm mm mm mm
% % % % % % % % % % % %
3 1.7 7.3 6.9 17.6 9 3.8 16.2 32.0 54.9 5 16.3 45.8 397.0 184.9 14
10 41 39 100 7 29 58 100 8 25 52 100
4 2.7 8.8 7.5 18.5 2 4.2 18.6 28.0 54.4 7 6.8 28.8 33.0 72.0 5
14 48 40 100 8 34 51 100 9 40 46 100
5 0.9 3.9 7.2 12.9 7 1.6 10.5 25.8 37.2 -2 7.6 25.0 59.9 80.4 10
7 30 56 100 4 28 69 100 9 3 74 100
6 1.2 3.9 6.7 12.7 7 2.4 72.1 22.1 38.8 3] 5.5 17.1 20.2 49.3 13
9 31 53 100 3 31 57 100 1 35 N 100




TABLE 5.7

STORY DRIFT INDEX R1

**max. + str. & displ. = maximum positive strength and displacement

i T
specimen | Stage st Story | 2nd Story| 3rd Story| Overall Specimen | Stage 1st Story | 2nd Story [3rd Story [Overall
(Load Pt.) Drift (Load Pt.) ] Dri f*

3 . 4R
monotenic | 1st yield .0039 .0046 .0048 .0044 monotonic
(75) | max. str. | .0550 .0569 .0600 .0574 (322) 2?§¢]T 0241 0308 0382 -0nee
R, = =
(76) | max. dispt. | .0623") | .oses .0628 0614 e 670 s 06]9(8) o 0352(9)
2 RT=.024'| RT=.0338 RT=.0230
cyclic Ist yield .0036 .0043 L0047 .0040 3R
lic
(82) | max. + str.x e e + 0143 0313 Q425 0280
& displ. | .0257 0223 .0230 .0238 (650) Hien. ' ' '
R_=0 R, =.0055 R =.012%
(84) | max. - str. | .0261 .0213 .0224 0235 ?iiﬂi:ﬁe 8 8 . 8 " |
. Re=.0241 | R,=.0258('00k - 0295 -
{92) | max. - (2) T i i o
displ. .0405 .0140 .0127 .0249 6R i
(94) | max. + str monotonic
: . 151 . ¥ . 0096 .0275 L0205 el
in last cye.| .03832) | oo7s .0088 0200 (151) | qax. o8
5 R9=0 Re=.007'i7 R6='0205
monotonic | 1st yield .0035 .0040 .0046 .0040 RT:.OOQG RT:_0203“2)RT:0
(309) | max. + str. .0238(3) .02483 .024¢% .0244 5R
lic
{339) | max. + e - 0042 0106 0083
displ. 0258 | ozs0 0253 0252 (219) | max, ' 0108 ' '
R.= =, =,
(527) | max. - ser. [Lo16107 25 ocesr | Lovon 0123 0" R™-003% 5 [fe™- 00925
(566) | max. - (5) RT=‘0042 RT=v00704 RT=.00'|35
displ. .0335 . 0098 .0093 .0189
& *at third floor level
cyclic st yield -00361 -00405 -0046 -0040 E'l; local buckling EZ; flexural shear faih(:m; 3 (3) buckling
4) after buckling ; (5) under reversal ; (6) after failure ;
(535) | max. + str. | .0188 -0144 -0150Q -0163 {7) buckling of compression column ; (8) rupture of welded tension
max. + reinforcement ;( (?) cru:hing of concrete (102 :;ushinq of
g story panel ; {11} third floor slah damaged ; (12) just befare
displ. .0193 -0151 -0152 0167 failure of welded tension reinforcement ; (13} rupture of tension
reinforcement
max. - )
displ. .0193 .0152 L0167 01N



TABLE 5.8

STRENGTH AND DEFORMATION COMPARISON FOR VIRGIN AND REPAIRED WALLS

Specimen Overall Critical | M/V in. Maximum Max imum
Specimen | Loading | Strength | Displacement Panel Critical | Shear in | Moment in
(kN) + &3 (mm) Panel Critical | Critical
{mm) Panel Panel
(kN) (kN-m)
3 monotonic| 1090 186.5 1 4383 1090 4777.8
4R monotonicy 1297 154.7 2 3202 1297 4153.0
4 cyclic 1008 145 1 4383 1008 4418.3
3R cyclic 1300 128.5 2 3202 1300 4167.6
5 monotonic 916.3 137.85 1 3849 916.3 | 3526.8
BR monotonic; 1162.2 122.45 2 2668 1048.9 | 2798.5
(189.54)*

6 cyclic 870.5 102.4 ] 3849 870.5 | 3350.5
5R cyclic 1065 100.73 2 2668 961.2 | 2564.4

*At a load of -588 kN

-901-
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TABLE 6.1

COMPARISON OF EXPERIMENTAL AND ANALYTICAL
RESULTS FOR FLEXURAL DEFORMATION MODELS (SPECIMEN 3)

Analytical Experimental
Loading
Stage Flexural Flexural
Deformation Stf;;?th Deformation Stfe”§th
mm
(mm) (m)
Flexural
*
Cracking 0.9 267 0.9 222
222+
Diagonal
*
Cracking 1.4 356 1.5 31
355+
First Yield 5.3 774 5.2 800
of Tension
Steel
Normal
Ductility +2 19.4 984 20.3 979+
Normal
Buctility -2 -20.8 -991 -20. -340+
Maximum
Strength 71.9 1090 78 1090*

* Specimen 3
+ Specimen 4




COMPARISON OF PREDICTED AND OBSERVED Vf VALUES

Ve

TABLE 6.2

[.104 MPa + .169 £_1 A
a C

Specimen

Observed Vg Computed V,
(KN) (KN)
111 180 180
3 180 180
5 130 130
R-3[24] 110 o
4 44 32
- 2[74] 80 75
1074 80 117

-80T-



TABLE 6.3

COMPARISON OF EXPERIMENTAL AND ANALYTICAL RESULTS FOR OVERALL DEFORMATIONS
(SPECIMEN 3)

Deformations (mm)
Load from
Stage Analysis Analytical Experimental
(kN) B
Flexural Shear Fixed End Total Total
Fiexurail
Cracking 267 0.9 0.45 0.11 1.5 1.8
Diagonal
Cracking 356 1.4 0.60 0.14 2.1 2.7
First Yield
of Tension
Steel 774 5.3 5.7 0.3, 11.3 12.
Maximum
Strength 1090 71.9 71.25 8.4 152. 160.

-60T1-
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Fig. 2.3 Shear and Moment Diagram of Single N-S§ Wall of Ten-Story
Building When Subjected to half of 1.4E and t 1.4 (Torsion) Code Forces
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Building When Subjected to half of 1.4E and to 1.4 (Torsion) Code Forces



-116-

HORIZONTAL CROSS ~SECTION
GAGE NO.7 AT 34mm

0.2™m
(_).L||4m
95 m:g_r
2.142m . O6m | 1.OI6m
R ey —
T T71 - —0.406m
0-305m - = 76 mm SLAB
1 ™ ols2msLaB
034 — ' i
m “3gmm| - H— E%',‘O%ﬂi“m b Olidm WALL
1 EACH FACE —— ; e—==zm.  76mmSLAB
4152 [ WALL 114 mm THICK i
mOSi4m :j
P ol
75 WS === M=====m.— 76mm SLAB
m 7o Jiis L oliam x 0279m COLUMN
E NO. GAGE NO.7 Wl wiTH 9
29m {{—Ho0PS AT 3amm| | LH—HOOPS AT S9N |
! b
it B S S S SR — oo
B [ | - | i L fo—
BoOm{ili i ah L] eeFooTRG 95 | [—FooTING
i ] | 1
R R P : aJlo
102 — FEohr 0.660m
mm 152mm 52 mm Imm 95 mm
fo—————3,089m
ELEVATION VERTICAL CROSS SECTION

Fig. 2.6a Dimensions and Details of Rectangular Specimens

95
0.279m /
L e i 1.B54m

0.2Mm
| P ]
i I
0.114m 1 . : — e —]
I ¥9 5 2.412m ?f -
#
GAGENQC.7 HOOPS AT 34mm #2 AT 102mm

Fig, 2.6b Detailed Cross-Section of Rectangular Wall



-117-

(MPa)jfs
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A1 i 'l l_>
o 005 QIo OlI5 020

Fig. 2.7 Tensile Stress-Strain Diagram for Gage No. 7 Wire
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E, = 211 X 10°MPo
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200
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| L 1 A i A l*
0 02 04 06 08 10 12

Fig. 2.8 Tensile Stress-Strain Diagram for No. 2 Reinforcing Bar
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Fig. 2.9 Tensile Stress-Strain Diagram for No. 5 Reinforcing Bar
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Fig., 2,10 Tensile Stress-Strain

Diagram for No. 6 Reinforcing Bar
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Fig. 2.11 Tensile Stress-Strain Diagram for No. 7 Reinforcing Bar
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f‘ig. 2.12 Tensile Stress—Strain Diagram for No. 8 Reinforcing
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Fig. 2.16 Reinforcement for Panel and Boundary
Elements of Rectangular Wall
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Fig. 2.17 Dowels for Repair of First-
Story Panel in Framed Wall Specimen

Fig. 2.18 Buckled Wall Reinforcement During
Repair Procedure

Fig. 2.19 Framed Wall After Removal of Damaged
Concrete and Placement of New Steel Reinforcement
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Fig. 4.1 Load Program for Framed Wall (Monotoniec Loading) Specimen 3
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Fig. 4.4 Displacement at Third Floor of Framed Wall
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Specimen 3
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Fig. 4.5 Displacement at: Third Floor of Framed Wall (Mono-
tonic Loading) Due to Fixed-End Deformation, Specimen 3
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Fig. 4.6 Sequence of Crack Formation
up to § = 1, Specimen 3

Fig. 4.6a

Fig. 4.6b

Fig, 4.7a

Fig. 4.7b

Fig. 4.7 Concrete Cover Spalling and
Buckling in North Column, Specimen 3
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Fig. 4.8b

Fig. 4.8c

. = - 5, P
Fig. 4.8 Tension Cracks in South Panel and Column,
Specimen 3
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Fig. 4.9%a
LP80

Fig. 4.9b
LP81

Fig. 4.9
LP82

Fig. 4.9 Buckling of South Column, Specimen 3



Fig. 4.1la Top View

~SET~

Fig. 4.11b Side View

rFig. 4.10b Buckled Column
Fig. 4.11 Second Panel at Conclusion

of Test, Specimen 3

Fig. 4.10 Views of Buckled South

Column, Specimen 3
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Fig. 4.12 Displacement Component Diagrams
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Fig. 4.13 Load Program for Fframed Wall (Cyclic Loading), Specimen 4
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Fig. 4.14 Displacement at Third Tloor of Framed Wall (Cyclic Loading),
Specimen 4
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Fig. 4.15 Displacement at Third Floor of Framed

Wall (Cyclic Loading) Due to Shear Deformationm,
Specimen 4
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Fig. 4.16 Displacement &t Third Floor of Framed Wall (Cyclic
Loading) Due to Flexural Deformation, Specimen 4
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Fig. 4.17 Displacement at Third Floor of Framed Wall (Cy-
clic Loading) Due to Fixed-End Deformation, Specimen 4



Fig. 4.18a
Cracking locad

Fig. 4.18b

Service load

Fig. 4.18c
p=1

[

Fig. 4.19b Upper panels

Fig. 4.18 Sequence of Crack Propaga- Fig. 4.19 Cracking at U = 2, Specimen 4
tion, Specimen 4

-0%T-



~141-

Fig. 4.20a
Initial
crushing

Fig. 4.20b
Horizontal panel
reinforcement
buckling

Fig. 4.20c
Flexural shear
failure

Fig. 4.20 Development of Failure Mechanism, Specimen 4
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Fig. 4.21 Specimen 4 After Failure
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Fig. 4.22 Displacement Components Diagram, Specimen 4
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Fig. 4.23 Load Program for Repaired Framed Wall (Monotonic Loading),
Specimen 4R
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Fig. 4.24 Displacement at Third Floor of Repaired Framed Wall (Mono-
tonic Loading), Specimen 4R
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Fig. 4.25 Displacement at Third Floor of Repaired Framed Wall (Mono-
tonic Loading) Due to Shear Deformation, Specimen 4R
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Fig. 4.26 Displacement at Third Floor of Repaired Framed
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Specimen 4R
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Fig. 4.28a
Third floor
panel

Fig. 4.28b
Second-floor
panecl

Fig. 4.28c¢
First-floor
panel

Fig. 4.28 Specimen 4R at Initiation of Test
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Fig. 4.29a

4.29 Sequence of Crack Propagation for First~Floor
Panel, Specimen 4R
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Fig. 4.30 Rupture of
Tension Reinforcement at
Top of First-Floor
Columns, Specimen 4R

Fig. 4.31b Cracks between columns
and slab at third-floor level

Fig. 4.31 Specimen 4R After Failure
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Fig. 4.32 Displacement Components Diagram at Third-
Floor, Specimen 4R
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Fig. 4.33 Load Diagram for Repaired Framed Wall (Cyclic Loading)},

Specimen 3R
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Fig. 4.34 Displacement at Third Floor of Repaired Framed Wall (Cyclic

Loading), Specimen 3R
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Fig. 4.35 Displacement at Third Floor of Repaired Framed Wall
{(Cyclic Loading) Due to Shear Deformation, Specimen 3R
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Fig. 4.36 Displacement at Third Floor of
Repaired Framed Wall (Cyclic Loading) Due
to Flexural Deformation, Specimen 3R
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Fig. 4.37b Repaired panel

Fig. 4.37 Specimen 3R at Initiation of Test



=¢ST-

Fig. 4.38b Lower panel Fig. 4.39b Lower panel

Fig. 4.38 Cracking at @ = 1, Specimen 3R Fig. 4.39 Cracking at u = 1, Speci-
men 3R
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— Fig., 4.40b Top view
Vv

Fig. 4.40a Tearing action at
column~-slab connection

Fig. 4.40 Crack Between Third Floor Slab and Top
of North Column, Specimen 3R

Fig. 4.41a LP 611 Initiation of con—
crete crushing at second story

Fig. 4.41b LP 726 crushing at second
story

Fig. 4.41 Cracking of Second Story Panel, Specimen 3R



Fig. View

Fig., 4.42

of first story at failure

Failure of Specimen 3R

Fig. 4.43a2 Top view

Side view

Fig. 4.43b

4.43 Views of Failure at North Column Slab

Fig.
Connection
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Fig. 4.43c
Wire for measurement
of shear deformation

OFEN CRACK
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. %3 Fig. 4.43d
- Instrumentation

Fig. 4.43 Views of Failure at North Column-Slab Connection
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Fig. 4.44 Displacement. Components Diagram, Specimen 3R
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Fig. 4.45 Load Program for Rectangular Wall (Monotonic Loading),
Specimen 5
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Fig. 4.46 Displacement at Third Floor of Rectangular Wall (Mono-
tonic Loading), Specimen 5
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Fig. 4.47 Displacement at Third Floor of Rectangular
Wall (Monotonic Loading) Due to Shear Deformation, Spe-
cimen 5
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Fig. 4.48 Displacement at Third Floor of Rectangular Wall (Monotonic
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Loading) Due to Flexural Deformation, Specimen 5
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Fig. 4.49 Displacement at Third Floor of Rectangular Wall
(Monotonic Loading) Due to Fixed-End Deformation, Speci-
men 3



Fig. 4.450a Tension side

et A

Fig. 4.50b Compression side

Fig. 4.50 Sequence of {rack Propagatiom,
Specimen 5

Fig. 4,51 Buckling of Longitudinal Re-
inforcement at Base of North Column,
Specimen 5

Fig. 4.52 South Column Initiatiom of
Buckling, Specimen 5
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4.53a At LP 521

Fig.

53b At LP 566

4

Fig.

Fig. 4.53 Flexural Shear Crack, Specimen 5
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Fig. 4.54 Displacemeni: Components Diagram, Specimen 5
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cimen 6
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Fig. 4.56 Displagement at Third Floor of Rectangular Wall
- (Cyclic Loading), Specimen 6
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Fig. 4.57 Displacement at Third Floor of Rectantular

Wall (Cyclic Loading) Due to Shear Deformatiom, Spe-
cimen 6
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Fig. 4.58 Displacement at Third Floor of Rec-
tangular Wall (Cyclic Loading) Due to Flexrural
Deformation, Specime? 6
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Fig. 4.59 Displacement at Third Floor of Rectangular Wall
(Cyclic Loading) Due to Fixed-End Deformation, Specimen 6



Fig. 4.60 Ianitial Cracking of Reciaugular wWali Fig. 4.62a
(Cyclic Loading), Specimen 6

Fig. 4.62b

Fig. 4.61 Crack Pattern at 4 = 3 for Rectangular

Wall {(Cyclic Loading), Specimen 6 Fig. 4.62 Buckling at Base of North Column,
Specimen 6
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Fig. 4.64b Displacement program

!
r
O

Fig. 4.64 Load Program for Repaired Rectangular Wall
(Monotonic Loading), Specimen 6R
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Fig. 4.65 Displacement at Third Floor of Repaired Rectangular
Wall (Monotonic Loading), Specimen 6R
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| 172
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Fig. 4.66 Displacement at Third Floor of Repaired Rec-
tangular Wall (Monotonic Loading) Due to Shear Decforma-
tion, Specimen 6R
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Fig. 4.67 Displacement at Third Floor of Re-
paired Rectangular Wall (Monotonic Loading)
Due to Flexural Deformation, Sepcimen b6

Fig. 4.68 Specimen 6R at Initiation

Fig. 4.68a
Third story

Iig. 4.68b

Second story

Fig. 4.68c
Third story
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Fig. 4.69 Crack Sequence for First-Floor Panel,

Fig. 4,70 Main Crack in First

F

Floor Panel, Specimen

6R

Specimen 6R

4.69a
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Fig. 4.71a
LP 213

Fig. 4.71b
LP 300

Fig. 4.71 Crack Sequence for First Floor Panel
When Loaded to the North, Specimen 6R
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Fig. 4.72 Displacement Ccomponent Diagram, Specimen 6R
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Fig. 4.73a Load program
DISPLACEMENT O3
gof (mm)

Fig. 4.73b Displacement program

Fig. 4.73 Load Program for Repaired Rectangular
Wall (Cyclic Loading), Specimen 5R



-173-
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Fig. 4.74 Displacement at Third Floor of Repaired Rectangular
Wall (Cyclic Loading), Specimen 5R
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Fig. 4.75 Displacement at Third Floor of Repaired
Rectangular Wall (Cyclic Loading) Due to Shear De-
formation, Specimen 5R
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750
L -1000

Fig. 4.76 Displacement at Third Floor of Repaired Rec-
tangular Wall (Cyclic Loading) Due to Flexural Deforma-
tion, Specimen 5R

Fig. 4.77a
H=1

Fig. 4.77b
u=3

Fig. 4.77 Crack Tormation Sequence, Specimen 5R
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Fig. 4.79 Failure of Specimen 5R

Fig. 4.78 Crack Formation Inter-

fering with Reading of Linear Po-
tentiometers, Specimen 5R
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— )
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Fig. 4.80 Displacement Components Diagram, Sepcimen 5R
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Fig. 4.84 Deformation Pattern of First Story,

Specimen 5
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Fig. 4.86b LP 300, V = 588 KN

Fig. 4.86 Deformation Pattern of First Story,

Specimen 6R
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Fig. 5.1 Cross Section of Walls Considered for Amalytical Prediction
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Fig. 5.2 Concrete Stress-Strain Relationship Considered for Analytical
Prediction of M-¢ Relaticnship
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Fig. 5.3 Comparison of Experimental and Analytical Curves for

Specimen 3

POSITION OF NEUTRAL
AXIS FROM EXTREME
COMPRESSION FIBER

MAXIMUM STRENGTH

Almm) &M (KN-M)
: ; _ ANALYTICALLY AT 0.031
i /-MI—-qbl ANALYTICAL RADTM
| e,
| 3000l Y MAXIMUM STRENGTH
1500 M- EXPERIMENTALLY AT
EXPERIMENTAL —— 0.019 RAD/M
2000 0.522 v | ro.522v
1000 - 1 299 kN \__ 4 29V
i | %704 v
POSITION OF e —0.087V
NEUTRAL AXIS oo
s00{ 10997 — Modo >
sy [—
- =
0 0 0.005 0.010 0015 CURVATURE ¢b'

Fig. 5.4 Comparison of Experimental and
Specimen 5

(RAD/M)

Analytical Curves for



‘§54m 2.388m
e #6  .I02m
i {

AN N, JE— [ ZaaN]

254m i§§%féa1’ - =

T % T luze

GN.7T®.042m
0.844m| (a) AT FIRST YIELD

e ————]
1
| N.A.

(b) AT MAXIMUM
STRENGTH

(c) AFTER LOSS OF
STRENGTH IN
COMPRESSION
REGION

REGION OF LOAD REVERSAL

Fig. 5.5 Pogition of Neutral Axis Under
Monotonic Loading, Specimen 3

P FLOW OF COMPRESSIVE
& STRESSES (ARCH ACTION)

re N
¥ Nl
':r N
’, AN

Fig. 5.6a Arch action

MOMENT/SHEAR RATIO M/Vds=a/d
0 1 ? 3 4 3 -} ?

T T T T T T T 120
100 L 5 CONCENTRATED LOAD
a 0 UNIFORM 104D Liog
&J ULTIMATE
i3 ——— INCLINED CRACKING
Nc - 89 NE
% < 00 S
w o
— - °O
E £
=] '3
it 4 40 ¥
< sco |-
=
= 20
-
3
0

L 1 1 L i . o
Q! 4 ] 12 ] 0 24 28
SLENDERNESS RATIO £, 7d

Fig. 5.6b Experimental shear capacity

Fig. 5.6 Reserve Shear Capacity of Deep Beams

~%81-



-185-

E%%%T ? 9.9

-] ¥

o
|

—h q ’

0.0974v 0.IC38YV

“——— h, S

ﬂ

7990V

(a) LOAD DISTRIBUTION ON RECTANGULAR WALL

0799V h§/2 \
0.799V (h, ~hy) hy \

e——hy/2 —

2hy/3 ———»

lo\mw"zzf

2 hy/3+(hy-h,)

0.0974 ht/2
L—2 h, /34 (hy-h ) ——

(b) MOMENT AREAS

Fig. 5.7 Load Distribution on Rectangular Wall



A BASE SHEAR V (kN)

1
|

700

600

500 1

400 -

300+

Fig.

7 INITIAL YIELD ATA
INITIAL YIELD AT B

J

©),
FIRST YIELD OF STEEL y

/

DEFORMATIONS DERIVED ON /

BASIS OF COMPUT—
ED STRENGTHS AND

STIFFNESSES >___ //

“——OBSERVED DEFORMATIONS

DIAGONAL CRACKING

FLEXURAL CRACKING

5.8 1Initial Stiffness, Specimen 3

& BASE SHEAR V [kN)

800

700

DEF ORMATIONS DETERMINED -

YIELD AT A

3 INITIAL

7+ YELD “.—YIELD AT B

STRENGTHS AND

600 =4 oN BASIS OF COMPUTED /

STIFFNESSES

500 - g
~--. — OBSERVED DEFORMATIONS
400 -
300
522
v !
200+ 299
81— NN‘4 ek 2%
' j‘gﬂmv
'FLEXURAL CRACKING : g O
100 - (/- A
v
+ ~+ >
o} 5 to By (mm!
Fig. 5.9 1Initial Stiffmess, Specimen 5

-98T-



R'ri
Rei {14+2)th FLOOR
li+1) th FLOOR
hi+| ’
i — i th FLOOR
hi
l li=1)th FLOOR
P
M ri\
A S M
TC = .'l'3T8
%iC
f
!
|
be. 1 T
A B

Fig. 5.1la Free-body diagram at
onset of diagonal cracking

Fig. 5.11

R{— o
Rzi
Rgi— ;
v Fig. 5.10 Story Drift Geometry
8i—™
/

L:I

X
A
J

AL, g -

! T
Ca

Fig. 5.11b Free-body diagram aftex

diagonal cracking

Effect of Diagonal Crack

A



7
/ -
I\
/
/
g 6
/
/]
M ( v(/
7]
y
'
1 Truss
/ IDE ALIZATION
/
A
/
g
.
g L -
/] v
EXPERIMENTAL
A$ (RAD/M) BEAM THEORY ————
TRUSS ANALOGY ~ — —-—
o.ooz-%
/ {FIXED END ROTATION
3y =12.2Imm
.. , V =76l kN
zr |
~ - Jd i
0.0017 = 1T
\“ﬂ-l__\._ =
~ |l
0 2* +h{m)

-188-

Fig. 5.12 Curvature Distribution at Imitiation of Yielding,
Specimen 3
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