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Preface

The Conference on Research in Progress on Masonry Construction was organized to
1) present an overview of masonry research in progress and recently completed;
2) allow for in-depth presentation and discussion of masonry research in progress or
recently completed; and
3) help establish a sense of community among masonry researchers.
The more formal results of that conference are presented in this volume. The larger purpose,
that of establishing a sense of community, seemed to be well underway at Marina Del Rey.
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SHAKING TABLE STUDY OF SINGLE-STORY MASONRY HOUSES

By Clough, R.W., Mayes, R.L., and Gulkan, P.

ABSTRACT: Farthquake damage to masonry coustruction during this century
underscores the need for a better understanding of the seismic response
of these structures, and the establishment of rational reinforcement
requirements. An experimental investigation aimed at determining rein-
forcement requirements for single-story masonry dwellings in Uniform
Building Code Seismic Zone 2 areas of the United States has been in
progress for four years at the University of California, Berkeley. The
experimental results of the investigation obtained to date have been
presented in a serjes of three Earthquake Engineering Research Center
reports. This paper contains summaries of the tests as well as tentative
recommendations for reinforcement requirements for masonry houses based
on realistic seismic conditions for Zone 2.

The study to date has included the testing of four masonry houses,
with both unreinforced and partially reinforced wall panels, assembled
to form 16 ft square models of typical masonry houses. The walls of
these four houses were subjected to in-plane and out-of-plane forces
separately. The masonry units utilized in the construction of all test
structures were full-sized, 6-inch wide units. Each house was provided
with a timber truss roof structure to which weights were attached so as
to obtain realistic loads on the bearing walls,

Methods, models and test facilities utilized in the study are de-—
scribed and a detailed description of the measured response of each test
structure is provided. TFinal recommendations will await the results of
one more shaking table test in which the walls of the house will be
subjected to both in-plane and out-of-plane forces.



SHAKING TABLE STUDY OF SINGLE-STORY MASONRY HOUSES
by Ray W. Clough!, Ronald L. Mayes? and Polat Giilkan?
1. INTRODUCTION

Seismic design requirements specified by the Department of Housing
and Urban Development (HUD) are referred to "seismic risk zomes" defined
by the Uniform Buillding Code (UBC). Thus, when the UBC changed its
zoning map so that Phoenix, Arizona was included in Zone 2 rather than
Zone 1, HUD issued a Local Acceptable Standard No. 2 specifying that
masonry housing in Phoenix must be partially reinforced, whereas no rein-
forcement was required for the Zone 1 designation which previously applied
to Phoenix.

Significant concern over this change of construction requirements
was expressed by many individuals in the local masonry housing industry
because little evidence was available to demonstrate the need for
increased earthquake resistance of single-story masoury houses in Phoe-
nix. In order to determine whether such construction should be rein-
forced, HUD contracted with the Earthquake Engineering Research Center
(EERC) of the University of California, Berkeley, to undertake a research
project entitled "Laboratory Studies of the Seismic Behavior of Single-
Story Residential Masonry Buildings in Seismic Zone 2 of the USA". The
general objectives of this investigation, which was initiated in April
1976, were to determine the maximum earthquake intensity that could be
resisted satisfactorily by an unreinforced masonry house, and to evaluate
the additional resistance that would be provided in the structure by
partial reinforcement. ’

Specific tasks included in the research program were

(1) to survey masonry construction in typical Western U.S. cities
located in Zone 2, in order to identify construction components and con-
nection systems suitable for testing:

(2) to design and test roof-to-wall connections typical of those
employed in masonry construction in Zone 2;

(3) to design simple test structures consisting of full-scale
masonry wall components and typical timber roof systems, and to evaluate
their performance when subjected to earthquake-like base motions induced
by the University of California Earthquake Simulator;

(4) to make recommendations concerning reinforcement requirements

lprofessor of Civil Engineering and Assistant Director, Earthquake
Engineering Research Center, University of California, Berkeley, U.S.A.

2Assistant Research Engineer, Earthquake Engineering Research Cen-
ter, University of California, Berkeley, and Principal, Computech, Berke-
ley, U.S5.A.

3pssociate Professor of Civil Engineering, Middle East Technical
University, Ankara, Turkey; formerly, Visiting Associate Research Engi-
neer, Earthquake Engineering Research Center, University of Califormia,
Berkeley, U.S.A.



and connection details for masonry construction in Zone 2.

Various phases of the investigation have been described in a
sequence of reports (see references (1) to (5)), which are summarized in
this paper.

The purposes of this paper are to provide a brief summary of all
work done during this investigation, to make general observations and
draw conclusions regarding the seismic behavior of single~story masonry
hosues, and to make tentative recommendations for seismic design require-
ments and connection details for masonry houses in Zone 2, A separate
section of the paper is devoted to each of these topics.

Technical management of this research project was provided for HUD
at various times by W.J. Werner, J. McCollom and R, Morony; additional
HUD coordination was given by A. Gerich and L. Chang. In addition, an
Advisory Panel to the project consisting of four engineers (J. Gervasio,
J. Kesler, 0.C. Mann and R. Sharpe) and one contractor (L. Pritchard)
was established under the administration of the Applied Technology
Council (ATC). This panel provided advice and suggestions at all stages
of the research. ATC will prepare its own recommendations to HUD with
regard to seismic design requirements for masonry house construction,
based on the results obtained and observations made during this investi-
gation. The details of ATC's recommendations will be developed by a
subcontractor, Benson and Gerdin, Inc., of Phoenix with the assistance
of the Advisory Panel. Final approval of the recommendations will be
made by the ATC Board of Directors. R. Benson and T. Irwin of Benson
and Gerdin have attended all Advisory Panel meetings.

2. SUMMARY OF INVESTIGATIONS

2,1 Fieid Txip

In order to familiarize the EERC project personnel with construc-—
tion practices for masonry housing in Zone 2, a trip was made to HUD
offices in typical Zone 2 cities of Western United States. Although
the EERC research workers had been involved for more than three years
under National Science Foundation sponsorship with research on seilsmic
behavior of masonry, that study dealt with high rise building construc-
tion; hence, it was useful for them to become acquainted with the signif-
icantly different construction procedures employed in single-story
residential buildings.

Three EERC researchers (Mayes, Omote and Chen) made the trip during
the period April 23-30, 1976, accompanied by two HUD engineers. Visits
were made to the HUD offices in Salt Lake City, Utah; Phoenix, Arizona;
and San Francisco, California. Also visited were the offices of the
Applied Technology Council in Palo Alto and of engineer Ralph Goers of
Los Angeles.

Discussions were held at the HUD offices concerning seismic code
provisions for masonry house construction. The visit to the Applied
Technology Council office was made to discuss plans for appointment of
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the project Advisory Panel, and operational procedures for the panel.
In Salt Lake City and Phoenix, extensive tours were made to see many
typical masonry houses, both completed and under construction. Imn Salt
Lake City, 80 percent of the masonry houses are of clay brick, while in
Phoenix 80 percent are of concrete block, so the team was able to inspect
numerous examples of both types of construction. These observations
enabled the team to identify typical door and window arrangements in
masonry wall panels as well as to inspect standard details used for
connecting roof systems to the masonry walls. In addition, discussions
with designers and contractors in Phoenix provided specific information
on local seismic code requirements and the effect that code changes
might have on construction practices in that area, Discussions were
held with Mr. Goers in order to take advantage of his experience with
seismic problems in housing construction; at the time of that visit he
was completing a study on this subject for the Applied Technology Coun-
cil with funding by HUD, dealing primarily with materials of construc-
tion other than masonry.

2.2 Study of Connection Details

2.2.1 Planning of Tests

At the time when this project was initiated, very little was known
about the earthquake behavior of single-story masonry houses; in parti-
cular it was uncertain whether damage would occur first in the masonry
walls or in the connections between the walls and the roof structure.
Almost ne information was available on the strength of typical roof con-
nections, so it was not possible to predict reliably whether these might
be a weak link in masonry housing construction.

Accordingly, during the early stages of planning this research pro-
gram it was decided that testing of typical roof connections for masonry
houses be included, and as was mentioned earlier the configuration of
such connections was studied extensively during the field trip. An
lmportant requirement in planning these tests was to include connections
similar to those that would be used in the structures to be tested on
the shaking table, so that the performance of the shaking table specimens
could be interpreted appropriately.

2.2.2 Connection Specimens

Five types of connections were selected for testing, three designed
for typical timber roof truss systems and two for flat roof diaphragm
construction. TFigure 2.1 illustrates these five comnection types. Con-
nections designated Cl and C2 represented the attachment of the wall to
the roof structure at the ends of the trusses; thus, these represent the
load bearing wall conmection. Cl was subjected to shear loads in the
plane of the wall, while C2 transmitted forces normal to the plane of the
wall. C3 was a typical gable end connection of the roof system; thus it
was not load bearing. Figure 2.2 shows the locations in a truss roof
system where connections of types Cl, C2, and €3 would be found. The
actual wall attachment in all of these connections is formed by bolting
a timber plate to the top of the masonry wall; the trusses are then
nailed and otherwise conmected to the plate.
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Connection types C4 and C5 were typical of the load bearing and non-
load bearing edges, respectively, of a flat roof system. The actual
attachment was provided by a 3x8 in. or a 2x8 in. ledger bolted to the
face of the masonry wall., For C4, attachment of the roof diaphragm to
the ledger was provided by metal joist hangers as well as by nailing of
the plywood sheathing; for the non-load bearing connection C5, the attach-
ment was made only by nailing the plywood sheathing. The controlled
cyclic displacement loading was applied normal to the plane of the wall
for both joint types C4 and C5.

A total of 19 joint specimens was tested. The masonry wall panels
used in all tests were 8 ft. long and were built on 7%x16 in. concrete
footings., All were made of hollow concrete block units except for two
that were made of hollow clay brick, and all had #4 reinforcing bars
grouted in the end cells. Anchor bolts used to attach the roof plates
in type Cl1, €2, and C3 specimens were grouted into the appropriate cells
of the top three masonry courses of the wall; ledger plate bolts for
specimens C4 and C5 were placed in cells grouted only in the top two
courses, For convenience, the code numbers and other pertinent informa-
tion about the test specimens are summarized in Table 2.1.

. It is important to note that the seismic forces which may act on
the roof connections in the direction normal to the wall are quite limited.
In the shaking table test structures and also in many prototype houses,
only the out-of-plane iInertia load of the upper portion of the wall
itself will be resisted by these connections. However, if the wall of
the prototype structure is laterally supported by a perpendicular parti-
tion wall, its cut—of-plane stiffness can contribute significantly to
registing the seismlc loads of the roof structure. Therefore, to simu~-
late this critical load condition for test specimens subjected to loads
normal to the wall, the wall was braced against out-of-plane displace-
ment. Thus, the tests of these connections demonstrated the actual con-
nection strength even though such large lecads would not be induced in the
connection in many practical situatiouns.

2.2.3 Test Procedures and Instruméntation

The loading applied to the connection specimens was intended to
simzlate the forces developed in typical connections during an actual
earthquake., Accordingly, the test specimen was anchored at its base and
cyclic loads were applied by means of a hydraulic actuator. TFor specimen
types Cl -~ C3, the loading varied sinusoidally, including altermating
positive and negative displacements; a sequence of three sine waves at
constant amplitude constituted a test "run'. For each specimen, the
first run was of very small amplitude; the amplitude was then increased
sequentially for successful runs until failure occurred. For specimen
types C4 and C5, only the positive (tensile) direction of the sine waves
was applied, because the negative displacement would merely induce direct
compression between the timber components and the masonry walls and,
therefore, would not stress the connection.

The connections of type Cl were loaded in the plane of the masonry
wall, while connection types €2, C4, and C5 were loaded normal to that



plane; C3 connections were loaded both in-plane and in the normal direc~
tion, Quantities measured during each test included the actuator force

and displacement, as well as displacements of various parts of the con-

nection or relative displacements between connection components. Force

or displacement quantities were measured five times per second for each

gage circuit, and the results were stored in digital form on a magnetic

tape. These results were subsequently processed by digital computer and
presented in graphical form for evaluation and interpretation.

2.2.4 Results of Tests

The behavior of the joints during these cyclic tests is best
described with reference to "hysteresis" loops which depict the displace-
ment of some point or component in the joint plotted against the applied
actuator force. Such figures are presented in the report on the connec-
tion tests{3) for selected deformation and displacement quantities of
all test specimens, Also, included for each specimen is a graph repre-
senting the "envelope' of the actuator force-displacement hysteresis
loops. These envelope curves show how the cyclic forces changed during
the successively increased displacements, and thus provide a convenient
overview of the connection performance.

A summary of the test results is presented in Table 2.1. In addi-
tion, data presented in Chapter 3 of this paper (Table 3.5) compare the
measured strengths of the conmnection specimens with estimates of the
maximum forces induced in the corresponding connections during the
shaking table tests. The fact that no connection failures occurred
during the shaking table tests indicates that the connection designs are
satisfactory for use in seismic regions.

In general, it was concluded from the connection tests that speci-
mens of types Cl, C2, and C3 were limited by the strength of the nails
in the joint system. The connection strengths were found to be 1.5 to
2.9 times the strength predicted from the specified UBC code strengths
of the nails, The capacity of connection types C4 and C5 depends pri-
marily on the pull-out tension strength of the bolts attaching the ledger
boards to the face of the masonry wall., In the C4 connections, where the
load was transmitted to the ledger through joists as well as the plywood
sheathing and where the ledger dimensions were 3x8 in., the failure was
primarily a consequence of bolt pull-cut. It is of interest to note that
this strength was found to be independent of bolt size or of gravity load
effects on the joint, it depended mainly on the strength of the grout
used in embedment of the bolts and the rupture strength of the face shell
of the magonry unit. In the C5 connections, the capacity was found to be
limited by the cross-grain bending strength of the 2x8 in. ledger board.
When the washers used in the bolted attachments were sufficiently large
and stiff, this type of failure was prevented and the bolt pull-out
occurred; but cross-grain bending still contributed significantly to the
flexibility of the connection,
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2.3 Shaking Table Experiments

" 2.3.1 Desgign of the Test Structures

The basic concept of this entire project was to make use of the
EERC Earthquake Simulator Facility in studying the behavior of single-
story residential masonry construction when subjected to base motions
similar to those observed in real earthquakes. The principal limitation
encountered in planning the test program was the size of the shaking
table, TIts 20 ft square surface is not large enough to support a real
house, and one of the first concepts of the test program was to use
half-scale models. The pertinent requirements of model similitude are
well established and, in principal, valid results could have been
obtained by this approach. However, very extensive experimentation
would have been required to obtain half-scale masonry materials and
assemblages that would correctly simulate the strength of prototype com-
ponents. Moreover, workmanship has an important influence on the prop-
erties of masonry components, and because it would be very difficult to
model typical field workmanship in half-scale laboratory specimens it
was not certain that the test results could be extrapolated reliably to
field performance.

Consequently, the alternative approach was adopted — using full-
size masonry components which would have strength properties represen-
tative of field construction, and assembling a system of the components
arranged so that their behavior would be similar to that of an actual
house. In order to simulate the true seismic behavior, it was necessary
to use typical full-height wall components, to arrange them sc that some
were subjected to in-plane and some to out-of-plane excitationms, and to
apply appropriate roof loads per unit length by means of typical roof-
to-wall connections. The most practical means of satisfying these re-—
quirements was to arrange the wall components in a rectangular plan,
supporting a typical timber truss roof system attached by standard con-
nection details. The roof surface at the top of the trusses was 1/2 in.
plywood; gypsum wall boards were nailed on the bottom of the trusses to
form the ceiling. '

The most significant deviation from normal house construction that
would result from this concept for the test structure was in the roof
load supported per unit length of wall component., Because the total
roof load varies with the square of the plan dimensions while the perim-
eter length depends directly on these dimensions, the average load per
unit wall length of a normal house varies linearly with the plan dimen-
sions. Thus, unless an adjustment was made, the roof load per foot of
the test structure wall would have been very small. Accordingly, con-
sidering that the floor area of this test structure would be about one-
ninth that of a reasonable prototype, it was decided to use a length
factor of three and apply sufficient concrete blecks to the roof on the
model so that its total weight would be three times greater than that
resulting directly from the design roof load of 20 psf.

In planning the first test structure, it was decided that the essen-
tial behavior of the prototype walls could be simulated by a system of
independent piers, and that at least one 8 ft wide pier could be assumed
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to exist on each side of the house., Also, it is believed that exterior
corners of the house might play a special role in the performance of the
masonry walls. Consequently, this first specimen was designed with an 8
ft wide panel in the middle of each of its four sides, and with a corner
component 2 ft on each side located at each corner. Figure 2,3 shows the
layout of this first test structure as well as a view of it on the shak-
ing table. In order to maximize the information obtained from this test
specimen, it was decided to provide partial reinforcement in four of
these eight components, including one 8 ft pier parallel to the direction
of test excitation and a similar pier oriented perpendicularly as well as
two of the corner components.

A major aspect of the prototype behavior that was not contained in
this first test structure was the influence of openings on the stiffness
and strength of the wall panels. Accordingly, in planning the remaining
three test structures, each wall panel was designed to include either a
typical window and door opening combination or a typical large door
opening. Four such wall panels formed the walls of the test structure;
one of each type was oriented to resist in-plane loads, and one of each
type was placed in the perpendicular direction. No direct connections
were provided between the wall panels; consequently, the test condition
was conservative in not including the flanpge effect at the corners.
Figure 2.4 shows the second specimen; the third was very similar to
this. Figure 2.5 shows the fourth test structure. For the second and
third test structures, the in-plane and ocut-of-plane wall panels with
the large door opening were provided with partial reinforcement, while
the other walls were unreinforced. The fourth test structure was tested
initially with no reinforcement in any of the walls, and then partial
reinforcement was provided in all wall panels for its final stage of
testing. An additional feature of the fourth test structure was that
four independent 3 ft 4 in. wide piers were attached to the shaking table
oriented for out-of-plane loading. These were intended to demonstrate
the effect on the response behavior of increased dynamic displacements
resulting from flexible supports at the top edges of the piers; they
were provided with diffevent combinations of reinforcement and dowelling
details.

The masonry pier and wall components which were assembled tc make
the test structures were each constructed on a concrete base represent-
ing the footing that would have been provided in the field. Except for
House 3, all components were made of standard two-core hollow concrete
block units with nominal dimensions 6x4x16 in.; House 3 was made of two-
core hollow clay brick units with 6x4x12 in. nominal dimensions. The
mortar used in all components was ASTM Type 8. The wall components were
made at a location away from the shaking table by journeyman masons
following normal construction practice, and they were considered to be
representative of typical masonry quality.

2.3.2 Test Procedures

After curing for at least 4 weeks, the wall components were moved
to the shaking table and their concrete bases were anchered in position,
During the initial tests of the first house, the bases were constrained



only against sliding; rocking (i.e., uplift at either end or side) was
permitted because the degree of constraint to be expected with a real
house foundation was not known. Early in the testing of the first house,
however, 1t became apparent that uplifting at the ends of the in-plane
walls (i.e., those parallel to the base motion) had a major influence on
the response behavior, and in later tests the bases of the in-plane walls
were clamped to minimize uplift.

After the wall components were attached to the table, the prefabri-~
cated roof truss system was lowered into position by the laboratory crane
and attached to the wall components by bolts through the roof plate
arranged at normal spacing intervals. Asgsembly of the test structure was
a very delicate operation because of the fragility of the 8 ft 8 in. high
free~standing unreinforced wall components, and some cracking of the
panels occurred, especially in assembly of the first test structure,
Cracks which might influence the response behavior were repaired before
testing began; but little such repair was required in the later test
structures.

The sequence of tests performed on House 1 is given in Fig. 2.6,
During the first phase of testing of the first test structure, the roof
system was oriented so that the trusses were parallel to the direction
of excitation. Then after a sequence of tests was completed, the roof
system was removed, rotated 90 degrees, and rebolted to the wall compo-
nents. From the results obtained in testing the first structure, it was
evident that the roof orientation with trusses parallel to the excita-
tion induced more severe response effects in the walls for a given inten-
sity of base motion, presumably because the in-plane walls (which resist
the seismic loads) were not load bearing and thus did not benefit from
vertical compressive stresses. For this reason, it was decided to test
Houses 2 and 3 with the trusses oriented first in the transverse direc-
tion so that less damage would be incurred during the first phase of
testing; then when the roof was rotated to the parallel orientation the
structure was in better condition to resist the effects of the unfavor-
able orientation, In testing House 4, the roof trusses were oriented
only in the more favorable transverse direction; it was not rotated for
a second stage of testing of this structure. The sequence of tests
performed on Houses 2, 3 and 4 are given in Figs. 2.7, 2.8 and 2.9,
respectively.

To record the response of the test structure to the shaking table
motions, a large number of electrical gages of warious types was in-
stalled, ranging between 50 and 65 in different tests. Accelerometers
were attached at various locations on the roof structure and on the upper
portions of the wall panels, Displacement gages were arranged to measure
displacements of various points on the roof and walls relative to the
shaking table, and alsc the relative motions between various parts of the
structure. During the tests the electrical signal from each gage was
evaluated and recorded in digital form at the rate of 50 readings per
second. After completion of each test, the digital data were transferred
to magnetic tape for permanent storage and for subsequent processing and
plotting.

1-9
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Table motions employed in this test program were based on accelero-
grams recorded at El1 Centro, Taft, and Pacoima Dam during the earthguakes
of May 1940, June 1952 and February 1971, respectively. In each case the
full duration of the record was used. The El Centro and Taft motions
were selected because they are considered to be typical of the Western
United States earthquakes. The Pacoima Dam record was used because it
has an unusual long~duration acceleration pulse which can be very damag-
ing to stiff and brittle structures. Unfortunately it was not possible
to include test motions typical of earthquakes that might occur in East-
ern United States, because no strong motion seismograph records have
been obtained from such earthquakes; however, it is believed that it is
conservative to use the Western earthquakes instead,

In testing the first three houses, the earthquake motions were
applied initially at a very low intensity (Figs. 2.6, 2.7 and 2.8), and
several successive tests were made with the same motion at increasing
intensities. After reaching the desired intensity with one type of
motion, the process was repeated with a different earthquake motion,
starting again from a relatively low intensity. As many as 19 such
tests were applied with the roof in its initial orientation; a similar
but shorter testing sequence was then applied with the roof rotated 90
degrees, The structure was examined carefully after each test and new
damages were recorded as they were observed,

An obvious disadvantage of this sequential testing procedure is
that the structure undergoes progressive damage as it is subjected to a
highly unrealistic number of earthquake motions. The house was already
significantly damaged by the time it was subjected to the most severe
motions, thus the effect of the motion on an undamaged structure was not
determined. To partially avoid this difficulty, House 4 was subjected
to only six significant tests, each having a peak acceleration in excess
of 0.25 g, as shown in Fig, 2.9.

2,3.3 Results of Experiments

The most significant results of this extensive experimental study
are reported in references (4) and (5) and the reader is referred to
those volumes for detailed response data. The reported results include
a ligting for each test structure of the "peak' positive and negative
response values recorded by the more significant gages during each of a
selected group of test runs. These tables quickly provide an indication
of the intensity of response during the more severe simulated earth-
quakes, but caution is required in interpreting the response behavior
from these numbers because the listed peak values are not concurrent and
therefore do not define the response pattern.

The damage history undergone by each test structure is indicated in
references (4) and (5) by a series of drawings of the wall panels on
wnich are shown the cracks existing after each test; thus, each sequence
of drawings illustrates the damage history of the test structure. Also
included are graphs showing the variation with time of varicus gage
readings. Correlation of such "time-history" plots, by considering rela-
tive amplitudes or phase relationships for related quantities, provides
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considerable insight into the behavior of the test structures. A final
form of graphical display presented in these reports is an isometric
view of the out-of-plane walls depicting the out~of-plane displace-

ments plotted to a greatly exaggerated scale. Sequences of such plots
drawn for selected instants of time during the most severe response phase
provide a convenient visualization of the dynamic behavior., There is no
need to review this entire body of response information in the present
paper; however, selected items will be used to quantify the observations
on response behavior presented in the next section.

3. OBSERVATIONS ON THE RESPONSE BEHAVIOR

3.1 General Description of the Response Mechanism

3.1.1 Seismic Response of '"Box" Structures

The test specimens used in this study were typical "box" structures,
which derive their primary lateral force resistance from "membrane"
action of the walls and roof rather than from flexural resistance as is
provided by rigid frames. The lateral force induced in the structures
by earthquake excitation may be expressed by the product of base acceler-
ation and structure mass, and it acts in the direction opposing the
acceleration., Tor the test specimens, the greatest part of this lateral
force resulted from the concrete blocks bolted to the roof; additicnal
inertia force was associated with the mass of the timber roof structure
and of the wall components.

The resistance to these inertia forces is provided in a typical box
structure by the in-plane shear rigidity of the roof and the wall compo-
nents; the out-of-plane shear rigidity of the wall panels and the flex-
ural stiffness of their connections to the roof are of negligible value
in resisting the roof loads. Thus, the inertia forces developed in the
roof are transmitted laterally to the in-plane wall conmnections, and
through these walls to their base connection at the shaking table. The
inertia forces exerted by the out-of-plane walls are transmitted by
vertical beam action to their bottom and top connections. The roof
structure provides the top support for the out-of-plane walls, and these
support feorces add to the roof inertia forces to be resisted by the mem-
brane action of the in-plane walls.

From this description, it is clear that the out-of-plane walls of a
masonry house must have sufficient flexural strength to resist their own
inertia forces when acting as vertical beams supported at top and bottom,
while the in-plane walls must have the capacity to resist the inertia
forces of the entire roof system plus the top half of the out-of-plane
walls, 1In addition, the roof structure must be strong encugh to trans-
mit the roof forces and the out-of-plane wall forces to the in-plane
wall connection by membrane action.

Dynamic distortions are developed in the components.of the box
structure corresponding to each of these load transfer mechanisms. The
in-plane walls and roof structure are subjected primarily to shear dis-
tortion while the out-of-plane walls undergo flexural distortion.
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During intense earthquakes, the in-plane walls may also undergc rigid-
body rocking asseciated with cracking and uplift at the base. If the
structure is symmetric with regard beth to mass and stiffness, equal
distortions will develop in both in-plane walls, and the roof will
undergo translation without rotatioen., However, if the inertia loads
are applied mostly to one in-plane wall or if one wall is significantly
less stiff than the other, that wall will undergo greater distortions
with a consequent tendency to cause rotation of the roof structure, If
the roof structure has sufficient membrane rigidity, it will rotate as
a rigid unit; this rotation will then induce corresponding membrane
shear deformations of the out-of-plane walls. However, if the out-of~-
plane walls are more rigid than the roof structure in membrane action,
they will resist this tendency and force the roof structure to develop
"racking" (shear) distertion to accommodate the unequal displacements at
the top of the in-plane walls.

3.1,2 Observed Behavior of Test Structures

In general, the observed behavior of the test houses was consistent
with this description of the behavior of box structures subjected to
lateral loads. A qualitative description of the structural response is
presented in this section of the paper; the principal quantitative
measures of the dynamic behavior of each test structure are summarized
in a later section.

During the shaking table tests, the roof displacement amplitudes
were gseen to be directly related to the behavior of the in-plane walls;
large displacements resulted from cracking and/or uplift of either in-
plane wall. Differential displacements of the two in-plane walls were
accommodated mainly by "racking" distortion of the roof structure; rela-
tively little in-plane distortion was observed in the out-of-plane walls,
so the roof structure did not rotate as a rigid unit. This observed
behavior is consistent with the usual design assumption that plywood
diaphragms are much more flexible in shear distortion than are masonry
walls.

The flexibility of the roof system also was evidenced by its behav-
ior during tests when the roof trusses were perpendicular to the excita-
tion. In this orientation, the inertia forces of the concrete blocks,
which were located high on the roof structure, caused the ridge line of
the roof to displace longitudinally relative to the in-plane wall con-
straints at the lower edges of the roof diaphragm. This ''racking"
mechanism of the roof trusses was related to shearing distortions of
the plywood roof sheathing. The large racking distortions between the
roof trusses which were observed in House 1, were reduced in later tests
by bracing installed between the trusses along the central plane of the
structure. However, some motions of this type were observed in all
tests made with the trusses perpendicular to the excitation. For the
truss orientation parallel to the motion no racking distortion occurred
in the roof system, and the test structure exhibited much greater rigidity.

An additional type of distortion was observed in the roof structure
when the trusses were oriented perpendicular to the excitation. In this
position, the gable ends of the roof provided the top support for the
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out~of-plane walls, and the inertia forces generated in these walls
caused lateral bending of the bottom chord of the gable trusses. The
roof-wall connection was designed to transfer these lateral loads into
the ceiling gypsum-board of the roof structure.

Although the test structures provided a reasonable degree of flexi-
bility at the top support of the out-of-plane walls, it was not known
whether the seismic displacements of such walls in real houses might be
significantly greater. As was mentioned earlier, a set of four supple-
mentary piers was assembled on the shaking table together with House 4,
to determine the effects of increased top support flexibility on the
performance of out-of-plane walls. These piers were constructed on the
same footing blocks as the out-of-plane house walls, and were positioned
so that the table motions induced out-of-plane loading. At the top they
were supported by a steel channel which provided considerable lateral
flexibility. 1In spite of the extra deformability introduced by the
channel support, the response behavior of the supplementary piers was
quite similar to that observed in the out-of-plane house walls. Thus,
it was concluded that the out-of-plane walls of a masonry house are not
sensitive to any reasonable amount of flexibility provided in the top
support, and that no special connection details need be provided to
reduce the wall support flexibility.

3.1.3 Dynamic Response Characteristics

One of the most significant observations made from these experiments
is that typical single-story masenry houses are so rigid that they do not
develop very complicated dynamic response mechanisms during an earthquake.
The motions of the test structures followed the shaking table motions
very closely, with distortions generally being proportional to, and in-
phase with the base accelerations. For this reason, the frequency
characteristics of the earthquake input are not a major factor in its
tendency to induce damage in a masonry house; the peak acceleration value
of the ground motion is the dominant quantity controlling response to
earthquakes typical of Western United States. It is believed that the
same conclusion would apply to earthquake motions typical of Eastern
United States, but lack of appropriate accelerograms made it impossible
to study such behavior in the present test program.

Although the damage potential of a test motion depends mainly on
its peak acceleration, this is not to say that the test structure
responded to the base motions as a rigid body. Flexibility of any com—
ponent led to increased acceleration amplitudes corresponding to the
increased displacements. However, this response amplification was
typical of the high frequency range of the ground motion response spec-
trum, well above the "dominant" frequency of the earthquake, and the
response could be related to the peak base acceleration by a simple
amplification factor. For this reason, it was convenient to characterize
each shaking table test by the peak recorded table acceleratiom.

Only in some unreinforced walls subjected to intense out-of-plane
excitation did the behavior differ from this stiff structure response
mechanism. During their first severe tests, these walls cracked
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horizontally in the center two quarters of their height, and developed
an out-of-plane "hinging' action. The stiffness of the cracked walls
was reduced significantly during these tests as compared with their
uncracked state, and the out—-of-plane period of vibration increased
dramatically. Also, after cracking their seismic responses were essen—
tially harmonic in character at the reduced natural frequency, and thus
differed materially from the behavior of other parts of the structure,
Observation of this type of response was important in the present inves-
tigation because it led to the tentative recommendation of partial rein-
forcement for out-of-plane resistance in the parts of Zone 2 where earth-
quake motions may be strong enough to ecrack unreinforced walls. Concern
about the regponse of these walls tc the combined action of in-plane and
out—of-plane forces led to the recommendation that one more test be
performed before the final recommendations are presented. In this final
test the unreinforced walls will be subjected to combined in-plane and
out-of-plane forces.

3.2 Comments on the Behavior of Test Structures

3.2.1 General Comments

For the purposes of this investigation, the only significant aspect
of-'the response to seismic execitation is the degree of damage incurred;
dynamic displacements are of no importance except as they are related
to structural damage. In this study, HUD defined cracking or sliding
displacements in excess of 1/4 in. as unacceptable damage to structural
conmponents. It is important to remember that nonstructural items such
as windows and doors might also be damaged during earthquakes acting on
real houses. Such items were not included in the test structures, but
damage to them is closely related to the displacements developed in their
supporting structural components.

Half of the wall units included in Houses 1, 2 and 3 were partially
reinforced, and all of these reinforced units behaved significantly
better than unreinforced walls during all tests. No major damage was
observed in any reinforced component, although some cracking was observed
at the base joint connecting the walls to the footing and also above the
ends of the lintels over the large door openings. These cracks resulted
from rigid-body rotation of the wall panels and the performance was
considered satisfactory because the residual crack widths after the tests
were very small. On this basis, it is not necessary to discuss further
the behavior of partially reinforced walls, and for Houses 1, 2 and 3,
this discussion will deal only with the unreinforced walls. All walls
of House 4 will be mentioned because all these walls were unreinforced
during the first phase of testing.

During the tests some walls were oriented parallel to the table
motion (in-plane) and others were at right angles to these (out-of-plane).
The response behaviors of the in-plane and the out-of-plane walls were
quite different, and it will be convenient here to discuse each type of
wall separately for each test structure. Also, the wall behavior some-
times differed according to whether or not it supported the weight of
the roof system, so the load bearing and non-load bearing conditions will
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be identified in the discussion. In general, for any walls the most
significant indicator of performance is the peak table acceleration
during the test which first caused it to crack. In addition, the behav-—
lor after cracking is important, and this will be characterized by the
range of accelerations achieved during post-cracking tests when the wall
continued to exhibit satisfactory behavior. The most important data
characterizing the cracking and post-cracking performance of the unrein-
forced walls are summarized in Tables 3,1 to 3.4, for Houses 1 to 4,
respectively.,

3.2.2 Response of House 1

In-Plane Wall W3: During the first phase of testing, when this
wall was not load bearing, a horizontal shear crack formed during Test 9
(T-0.21 g)*. During the next test (Test 10, T-0.27 g) rocking of the
panel at this crack location was observed (A=0.4 in.). The rocking motion
was then blocked mechanically for subsequent tests. During Test 11
(T-0.29 g) the wall cracked at a level below the blocking. Test 12
(E-0.14 g) and Test 13 (E-0.28 g) used a different earthquake motion;
new cracks formed during Test 13, but no permanent displacement recurred.

During the second phase of testing after repair of the structure,
the roof was rotated so that W3 was load bearing. The first crack in
the repaired wall was observed during Test 27 (P-0.49 g); Tests 28
(P-0.63 g) and 29 (F-0.59 g) also caused dynamic displacement at the top
of the wall, but none of these tests caused permanent distortion.

Qut-of-Plane Wall W4: No cracking was observed in this wall until
the last test of the phase when it was load bearing: Test 13 (E-0.28 g).
The crack that occurred then was at the top of the bottom block course,

During the test phase when the wall was not load bearing it cracked
at the 6th course from the top during Test 19 (T-0.25 g), but displace-
ments were very small., During the next two tests significant "hinging"
developed at the crack, so that greater displacements were observed at
2/3 height than at the top of the wall. The crack was then repaired with
fiberglass reinforced plaster, and it cracked again during Test 27
(P-0.49 g) at a much greater shaking intensity. During the following
Test 28 (P-0.63 g) no significant hinging motion was observed at the
crack, but during Test 29 (F-0.59 g) it hinged with displacements in
excess of one inch at 2/3 height; the test was then terminated.

3.2.3 Response of House 2

In-Plane Wall A: This wall was load bearing during the first
phase of testing and no cracks developed during this phase even though
a peak shaking table acceleration of 0.51 g was recorded during Test 19
(P-0.51 g). After rotation of the roof system so that this wall became

* This notation indicates that the test motion was the Taft earthquake
with a peak acceleration of 0.21 g. The letters E and P correspond-
ingly denote the E1 Centro and Pacoima motions.



1-16

non~load bearing, it resisted a peak acceleration of 0.37 g (Test 30,
E-0.37 g) without cracking. However, during Test 32 (P-0.52 g) a diag-
onal crack was formed extending downward from the reentrant corner of
the window. A one inch permanent displacement was developed at this
crack, and no further tests were performed because this was considered
to be a major failure. Cracking also was observed above the ends of the
window and door openings, demonstrating that rigid body rocking of the
main wall pier accompanied its diagonal cracking.

Out—-o0f-Plane Wall Al: The first significant crack was observed
when this wall was not load bearing during Test 14 (E-0.33 g). The crack
was horizontal and located at the level of the bottom of the window.
During subsequent non-load bearing tests with increased intensities the
deformation of the wall inecreased, but no hinging action occurred at the
crack even with a peak acceleration of 0.51 g (Test 19).

During the second phase of testing, after rotation of the roof so
that this wall was load bearing, the behavior of the crack was unchanged.
Displacements increased with increasing test intensities, but permanent
displacements developed only as a consegquence of the in-plane wall A
failure during Test 32.

The performance of this house was considered superior, but it must
be remembered that the strength of the mortar used in its construction

was twice as great as that in the other test structures.

3.2.4 Response of House 3

In-Plane Wall A: This was the clay-brick test structure. As was
the case for House 2, during the first phase of testing wall A was load
bearing. This wall resisted a peak acceleration of 0.45 g (Test 15,
E-0.45 g) without cracking, but during Test 19 (P-0.49 g) a diagonal
crack developed extending downward from the window corner and resulting
in permanent displacement.,

The crack was then repaired and the roof rotated so this wall did
not support the roof trusses. In the non-load bearing condicion the
crack developed again during Test 26 (T-0.21 g). The wall then was
reinforced by metal straps to permit continued testing of the other wall
components, Comparison of the performance of this wall with wall A of
House 2 demonstrates the significantly stronger performance that may be
attributed to the stronger mortar of House 2.

Out-of-Plane Wall Al: During the first phase tests when this wall
was non-load bearing, it resisted a peak acceleration of 0.45 g during
Test 15 (E-0.45 g) without cracking. However, during Test 18 (P-0.39 g)
a horizontal crack formed at about mid-height, and significant hinging
action accompanied the cracking. During the next test (Test 19) very
large hinging displacements occurred (3.39 in. at 2/3 wall height) indi-
cating that it was potentially unstable.

After repair of the crack and rotation of the roof so that this wall
was load bearing, no new cracking occurred even though a peak acceleration
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of 0.37 g was achieved in a test that also included a vertical excitation
component,

3.2.5 Response of House 4

In~Plane Wall A: This wall was load bearing throughout the tests
of House 4. During Test 2, a two-component excitation with peak hori~-
zontal acceleration of 0.34 g, no cracking was observed. But during the
next test, a two-component Taft earthquake with peak horizontal accelera-
tion of 0.29 g, a diagonal crack involving permanent displacement formed
at the reentrant lower corner of the window and extended diagonally down-
ward. The wall was then partially reinforced before testing was continued.

In-Plane Wall B: A crack developed at the base of this wall during
Test 2, but no permanent displacement occurred along it. Motions at this
crack were of the rigid body rocking type similar to those observed in
the partially reinforced walls B of the other test structures, Similar
rocking motions without permanent displacements were observed in this
wall during Test 3.

Qut-of-Plane Wall Al: This non-locad bearing wall developed a hori-
zontal crack at the level of the top of the window during the two-
component Test 3, but no hinging action or permanent displacement
resulted. It already had resisted a more intense two-component El Centro
motion during Test 2 with no damage.

Out-of-Plane Wall Bl: The behavior of this wall was very similar
to that of Al, except the first cracking took place during Test 2; the
crack was horizontal at the level of the top of the door opening., During
Test 3 increased displacements were observed, but there was no hinging
action or any suggestion of potential instability.

Pier 1: This was one of the independent piers provided with flexi-
ble support at the top. A shrinkage crack existed in this pier at the
beginning of the tests, and all dynamic deformations were associated
with this crack. The pier resisted strong shaking during Tests 2, 3,
and 5, with moderate displacements and no tendency toward hinging action
or instability; the peak acceleration during these tests was 0.34 g.
During the two-component Test 6 (E-0.54 g), however, very large hinging
action displacements were observed, the peak deflection at 2/3 height
being over 5 in. After this potentially unstable response the pier was
braced to avoid further damage.

Pier 3: This pier was similar to pier 1, but without a dowel: it
did not have a pre-existing shrinkage crack, The first crack occurred
during Test 2 at about 70 percent of wall height. During subsequent
tests this pier's performance was very similar to that of pier 1; it
also developed very large displacements during Test 6 (though the
maximum displacement here was 3.5 in.) and it also was braced to avoid
damage in subsequent tests.
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3.2.6 Conclusions from the Observed Behavior

The most significant features of the observed responses of the test
structures taken as a whole may be summarized as follows:

For unreinforced wall units:

(1) ‘No cracking was observed in any major unreinforced wall unit
for tests with peak accelerations less than 0.2 g. The first observed
cracking in such units occurred in the in-plane walls of Houses 1 and 3
during tests with peak accelerations of 0.21 g; the units were non-load
bearing during these tests, The lowest intensity shaking that caused
cracking of an out-of-plane wall unit was 0.25 g in a test of House 1.

{2) Unreinforced out-of-plane walls continued to perform satis-
factorily after cracking for several tests of increased intensity, but
the displacements of these walls generally became excessive during tests
with peak accelerations in excess of 0.4 g. These large displacements
involved hinging at the horizontal crack line and exhibited potential
instability, although actual collapse did not occur in any test.

(3) Cracking of unreinforced in-plane walls was of two types:
a horizontal crack in piers without window openings, and a diagonal crack
extending downward from the window corner in wall units having openings.
Small dynamic displacements were observed in the horizontal cracks, but
permanent displacements were negligible. UHowever, the diagonal cracks
extending from the window corners developed permanent displacements
which became unacceptably large with continued testing or after a high
intensity test., No limit of peak acceleration could be established
which would ensure acceptable performance of cracked window walls.

For partially reinforced wall units:

(1) Nearly all partially reinforced wall units performed satis-
factorily in all tests. None of the partially reinforced out-of-plane
components developed any important cracks during any test, including
several that were subjected to peak accelerations in excess of 0.5 g.

(2) 1In general, the partially reinforced in~-plane walls also
performed satisfactorily although they developed some cracks when peak
accelerations exceeded 0.3 g. Cracking in the pier units without window
openings was associated with rigid body rocking, and included a hori-
zontal crack due to uplift near the base of the wall as well as cracks
at the ends of door spandrels. Residual cracks after the tests were all
narrow and easily repairable.

(3) The only partially reinforced in-plane wall which showed
unsatisfactory behavior was the window wall of House 4. A typical dia-
gonal crack extending from the window corner developed during the first
phase testing when this house was unreinforced. The wall was not
repaired, but after reinforcement was added the wall resisted a peak
acceleration of 0,32 g without additional cracking. In subsequent tests

with peak accelerations in the range of 0.47 g to 0.68 g additional
cracks developed in spite of the reinforcing bars. The fact that no



dowels were provided with this reinforcement may have been significant
because the ultimate failure was a result of rocking at the base of the
wall. Such motion probably would have been constrained by vertical
reinforcement fully capable of developing its tensile strength through
the action of dowels.

3.3 Comments on the Performance of Connections

It was mentioned in Chapter 2 of this paper that no damage occurred
in the roof-wall connections during the shaking table tests, and this
fact was the principal evidence leading to the conclusion that the con~
nection details of the test houses are adequate for masonry houses built
in Zone 2. 1In an attampt to provide a quantitative basis for this con-
clusion, estimates of the connection forces developed during shaking
table tests were correlated with the results of the cyelic loading of
connection specimens.

Forces causing connection stresses during the shaking table tests
were calculated from the accelerations measured at appropriate points
in the test houses. For the out-of-plane walls, the roof connections
must provide the top reaction to the wall inertia forces, and these
inertia forces were determined from accelerations measured at the shaking
table and at the top and 2/3 wall height. For the in-plane walls, the
connection forces must equilibrate the inertia force of the roof system,
which was calculated from the accelerations measured at the top of the
roof gables, plus the reaction force applied by the out-of-plane wall
connections.

The maximum connection forces of each type were calculated from the
maximum accelerations measured at the appropriate locations. These
forces, evaluated per unit of wall length, per connection bolt, and per
roof truss, are listed in Table 3.5, together with corresponding quan-
tities measured during the cyclic tests of the connection specimens.
Comparisons of these results with UBC code allowable values are given
in Table 3.6. Study of these tables reveals that the maximum forces
developed in the in-plane wall connections during shaking table tests
exceeded the corresponding connection strengths measured during the
cyclic tests and were five times greater than UBC code allowable forces.
The main reason for this discrepancy is that the specimens fabricated for
the connection test program were not as strong as the connections in the
actual roof structure; they were deliberately underdesigned in oxder to
be conservative. The failure mechanism observed in these connection
tests was largely associated with twisting of the 2x4 in. members repre-
senting the bottom chords of the trusses. In the actual roof structure
this type of twisting was resisted by the upper members of the truss
that frame into the bottom chords, but such upper members were not
included in the connection test specimens.

The data in Table 3.5 suggest that damage would have been observed
in the roof connections during the shaking table tests if they had not
been stronger than the connection specimens used in the cyclic tests.

In evaluating the connection performance, however, it is important to
note that the forces listed in the Table for the shaking table tests are
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considerably greater than the maximum forces that can be expected in Zone
2; the peak shaking table accelerations during these tests were over 0,5 g.
Hence, the conclusion stated earlier remains valid: the types of roof
connections used in the shaking table tests are adequate for masonry
houses built in Zone 2.

3.4 Extrapolation to Prototype Conditions

3.4.1 Seismic Input

The observed behavior of the test structures which has been sum-
marized in the preceding section of this paper provides the basis for
tentative recommendations presented later concerning seismic design
criteria for single-story masonry houses, However, before these results
may be applied, it is necessary to estimate the extent to which they
represent the performance of real houses subjected to real earthquakes,
In other words, the discrepancies between the conditions established in
the shaking table tests and those existing in a prototype response to
earthquakes must be identified, and their influence on the degree of
damage must be evaluated.

Considering first the seismic input applied by the shaking table,
the control signals which defined the input motions were derived directly
from accelerograms recorded in actual earthquakes. The three earthquakes
employed in the test program are representative of Western United States
experience, and with appropriate scaling they are suitable examples of
ground motions to be expected in Zone 2 of this region, Moreover, the
response spectra of the shaking table motions are generally similar to
the response spectra of the corresponding earthquake accelerograms. The
normalized response spectra presented in Fig. 3.1 (taken from reference
4) show that the shaking table motions used with Houses 1 and 2 have
essentially the same frequency characteristics as the actual earthquakes.
Figure 3,2 (taken from reference 5), on the other hand, demonstrates
that the table motions applied to Houses 3 and 4 have somewhat different
frequency characteristics from the real earthquakes; the dominant fre-
quencies of these test motions have been increased slightly for all
earthquakes, and amplification effects have been increased significantly
for two of the earthquakes, The reason for this change in the input for
Houses 3 and 4 is not presently known because the same shaking table
control tapes were used for all test structures., However, for the fre-
quency range of the test structure (4 - 6 Hz), the accelerations induced
by the table motions applied to Houses 3 and 4 are greater than would
have resulted from the actual earthquakes normalized to the same peak
acceleration, so the test results are conservative in this sense. For
Houses 1 and 2, the shaking table motions are entirely equivalent to the
actual earthquake motions.

In another respect, however, a very important difference existed
between the shaking table tests and the prototype earthquakes: the
shaking table could apply only one horizontal component of motion in
addition to the vertical component, whereas the actual earthquakes would
subject the prototype structures to shaking in two directions horizontally
plus the vertical. Typically, the two horizontal components of an earth-
quake are of differing intensities, with the peak acceleration of one
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component usually being 60 to 75 percent of that in the perpendicular
direction. In these tests, the shaking table motion is scaled to repre-
sent the larpger component; hence, the tests are deficient in not in-
cluding the simultaneous but smaller excitation in the transverse direc-
tion.

It is very difficult to estimate the influence of this discrepancy
on the damage to be expected in the structure. The real earthquake
subjects the masonry walls simultaneously to in-plane and out~of-plane
forces, but it is not known to what extent the damage mechanisms result-
ing from the two types of forces are coupled. In any case, it must be
assumed that the test results are not conservative with regard to this
factor, i.e., that a three-component excitation would have caused more
severe damages than were observed in these tests,

3.4.2 General Conclusions Concerning Validity of Test Results

It was concluded that the test conditions are reasonably represent-—
ative of prototype conditions with respect to the general character of
the earthquake motions, the foundation and roof diaphragm flexibility
effects, and torsional response. With regard to geometric effects, the
results probably are conservative (i.e., show greater damage than would
occur in the prototype) because the walls of prototype houses generally
are better tied together and provided with supplementary bracing. On
the other hand, pre-existing stresses and/or cracks (due to shrinkage,
temperature change or foundation settlement) might exist in the proto-
type, which would increase its tendency toward damage. Scaling effects
with regard to the roof load per unit of wall length might favor either
the model or the prototype. Considering all of these factors together,
it may be concluded that the behavior observed in the shaking table tests
is quite similar to the performance expected of a real house subjected to
a real earthquake with the same peak acceleration,

However, the test procedure does have one major deficiency which
may have a very significant effect on the structural behavior: the hori-
zontal motions of the shaking table are only in one direction. It is
not possible to determine how much more damaging the tests might have
been if they had included two horizontal components of motion, but it
must be assumed that a given intensity of earthquake in the field would
produce preater damage than was observed in the models in response to
the same intensity of single horizontal component motion. This probable
increase of damage would be due to "coupling” effects, where the defor-
mation due to one component of excitation would reduce the capability of
the wall to resist the other component.

Because the unreinforced walls subjected to intense out-of-plane
motion responded by significant cracking and "hinging” out-of-plane,
it is probable that the capacity of such walls to resist simultaneous
in-plane shear forces would be greatly diminished. For this reason, the
second horizontal component of input motion would be expected to have a
detrimental effect on unreinforced masonry walls. Thus, before final
recommendations are presented, another test will be performed to deter-
mine the significance of the severity of this coupling effect. In order
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to develop theé tentative recommendations presented herein it seems rea-
sonable to assume conservatively that this effect is equivalent to an
increase in the intensity of single horizontal component motion

between 30 and 50 percent until the final test is performed. On the
other hand, the partially reinforced masonry walls exhibited little dis-
tortion regardless of the intensity of in-plane or out-of-plane shaking;
thus, there would be little tendency for coupling of the in-plane and
out-of-plane effects. Probably there is no need to apply any increase
to the shaking table accelerations to represent the second component
effect on partially reinforced walls, but to be conservative a 20 per-
cent increase in the single horizontal component motion will be assumed
for this case.

4. DESIGN RECOMMENDATIONS

4.1 Seismic Input For Zone 2

4,1.1 General Comments

From the earliest stages of this experimental investigation, one of
the most critical questions was the intensity of shaking table accelera-
tions that should be used to represent the maximum earthquake motions
expected in UBC Zone 2. No decision on this matter was required while
the experimental studies were being performed because the test program
was planned to determine the seismic capacity of masonry housing, both
unreinforced as well as partially reinforced. 1In other words, these
tests served to determine the peak shaking table accelerations at which
cracking was initiated and unacceptable damage was observed. However,
before design recommendations can be made for Zone 2, it is necessary to
establish the Intensity of shaking table motions that can be considered
representative of the maximum expected field conditions.

This correlation of field excitation with shaking table motions is
required, of course, to relate the damages observed in the test struc-
tures to the expected behavier of real houses in Zone 2. 1Io addicion,
the test data can be used to estimate the magnitude of seismic forces
induced in masonry houses by Zone 2 earthquakes, It is important to
note in this regard that masonry houses are not designed by engineering
analysis based on design forces; instead their construction is controlled
by minimum construction standards. Therefore, it is expected that the
design recommendations which ultimately result from this study will be
in the form of construction standards. However, to assist in the formu-
lation of appropriate construction standards, estimates of the seismic
loads to be expected in UBC Zone 2 are presented here, together with
recommendations of some minimum standards.

4.1.2 Effective Peak Acceleration for Zone 2

The best current estimate of expected earthquake intensities for
the United States was developed by the Applied Technology Council (ATC)
as part of a National Science Foundation funded project for the develop-
ment of proposed seismic design regulations for buildings 6). TFigure 4.1
shows the ATC map of effective peak acceleration (EPA) contours
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superimposed on the 1976 UBC Seismic Zoning Map, The EPA contours are
intended to represent the maximum ground motions that can reasonably be
expected to occur within a 50 year period; it is estimated that there is
a 10 percent probability of this EPA value being exceeded during this
time period. The concept of effective peak acceleration was introduced
in the ATC report because it was recognized that the peak value of ground
acceleration may not relate well with the damage potential of a given
earthquake. Sharp spikes in the accelerogram tend to overemphasize the
peak acceleration value, while the importance of long period motions due
to distant earthquakes may be underestimated by the peak acceleration.
The definition of EPA is presented in the next section of this papex.

It will be noted in Fig, 4.1 that UBC Zone 2 includes a wide range
of EPA values from less than 0.05 to 0.2 g. It is not reasonable to
impose design requirements suitable for the maximum EPA value of 0.2 g
on all parts of UBC Zone 2, and accordingly the authors of this paper
have defined two categories (or sub-zones) in Zone 2. Zone 2A is the
area of Zone 2 indicated by the ATC map to have an EPA of 0.1 g or less,
while Zone 2B is the area of Zone 2 having EPA values of 0.1 g to 0.2 g.
Different tentative design recommendations are made in this report for
each of these sub-zones.

4.1.3 Correlation Between Table Motions and EPA

It was noted above that the EPA is not the peak acceleration re-
corded during an earthquake, therefore, it is necessary to interpret
the shaking table accelerations appropriately before they can be related
to the EPA of Fig. 4.1. The EPA of a given ground motion is defined by
the ATC in terms of the response spectrum of the motion evaluated for 5
percent damping. Specifically, a line of constant spectral acceleration
(S) is drawn on the response spectrum which approximates the average
spectral acceleration in the period range of 0.1 to 0.5 seconds. The
EPA then is given by this average S, divided by 2.5, where the divisor
is a typical response amplification factor for Western United States
earthquakes. Data are not available for the Eastern United States but
these values are assumed to be conservative for that area.

EPA values of the shaking table motions were determined by applying
this procedure to the response spectra of the motions recorded during
the testing of each model house. Because the tests were conducted with
widely varying intensities, the table motions were normalized to a peak
acceleration value of 1 g before the response spectra were constructed.
The EPA values determined by this procedure are presented in Table 4.1.
Different values are shown for the two pairs of test structures because
the characteristics of the table motions changed between the tests of
Houses 1 and 2 and those applied to Houses 3 and 4, as was mentioned
earlier. Also, it is clear that the differing frequency characteristics
of these three earthquakes led to different EPA values for their normal-~
ized table motions.

For the purposes of this discussion, the variations of EPA shown in
Table 4.1 are not significant, and a single average value of 0.82 g will
be adopted. This means that a table motion having a peak acceleration
of 1 g is assumed to have an EPA of 0.82 g. Correspondingly, a test
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having a peak measured table acceleration of 0.2 g is assumed to have an
EPA of 0.16 g; or inversely, it is assumed that the maximum EPA of 0.2
g indicated by the ATC for Zone 2 is represented by a peak shaking table
acceleration of 0.24 g,

TABLE 4.1

EPA VALUES FOR SHAKING TABLE MOTIONS NORMALIZED TO 1 g

Earthquake Taft El Centro Pacoima
Houses 1 and 2 0.90 ¢ 0.82 g 0.79 ¢
Houses 3 and 4 0.91 ¢ 0.72 g 0.78 ¢

Assumed Average Value = 0,82 g.

4.1.4 Test Structure Response Amplification

Although masonry houses are relatively rigid structures, they do
have some flexibility and therefore exhibit some vibratory response
mechanisms, The significant aspect of these mechanisms is that applied
seismic accelerations are amplified by the structural response so that
peak accelerations recorded on the structure are greater than the peak
input acceleration. This amplification effect is represented in the
definition of the EPA by the factor 2.5 by which the spectral accelera-
tion is divided. 1In effect, the ATC has assumed an amplification factor
of 2.5 to be appropriate for typical building structures.

The experimental data obtained in this investigation provide a
direct measure of the amplification obtained by seismic excitations of
single-story masonry houses. During these tests accelerations were
recorded at various points on the test structures, and ratios of the
peak values of these local accelerations to the peak applied table
accelerations indicate the local structural response amplification.
Values of such ratieos were determined for each of the test structures;
they are presented in Figs. 6.12 to 6.14 and 6.15 to 6.17 of reference
4 for Houses 1 and 2, respectively, and in reference 5, Figs. 5.4, 5.6,
5.8 for House 3 and Figs. 5.5, 5.7 and 5.9 for House 4. These figures
demonstrate that the amplifjcation factors vary considerably from point
to point on the test structures, and with differing test conditions.
For example, amplification values at the roof level average aboutr 1.8
when the in-plane walls are load bearing, but reach values over 3 for
the more intense excitations when the in-plane walls carry no dead load
from the roof.

Seismic amplification factors are important in the design of struc-
tures to resist earthquakes because the seismic lcad induced in any part
of a structure is given by the mass of that part multiplied by its local
acceleration. In a single-story masonry house, the principal seismic
force results from the mass of the roof structure. Hence, the seismic
load to which a house is subjected is given by the product of the roof
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mass and its acceleration; or using the amplification factor it is given
by this factor multiplied by the product of the roof mass and the table
acceleration.

Although it is evident from the figures presented in references 4
and 5 that no single number can represent the response amplificatiens
for all parts of the test structure under all conditions, the ATC value
of 2.5 appears to be a reasonable compromise. For most of the test data,
this number is conservative; that is, the observed amplification is less
than 2.5 so seismic force estimates based on this factor will exceed the
actual locad. The number of cases where the observed amplification
exceeds 2.5 are few, and apply to localized parts of the structure or to
unusual test behavior; it is not likely that they represent any signifi-
cant loading condition of the complete structure. Therefore, an amplifi-
cation factor of 2.5 is proposed for estimating the seismic forces
induced in the test structures by any given peak table acceleration.

4.1.5 Summary of Conclusions Concerning Seismic Input

(1) For the purpose of making design recommendations, the UBC
Seismic Zone 2 has been divided inte two sub-zones, according to ATC
estimates of the expected maximum effective peak acceleration:

Zone 2A: Range of EPA
Zone 2B: Range of EPA

less thanr 0.1 g

0.1 g to 0.2 g.

(2) The EPA of the shaking table motions was found to be 0.82 times
the peak shaking table accelerations. Therefore, the maximum peak table
accelerations that can be associated with the seismic sub-zones are:

Zone 2A: Maximum peak table acceleration = 0.12 g.
0.24 g.

Zone 2B: Maximum peak table acceleration

(3) A response amplification factor of 2.5 is recommended for
single-story masonry houses, based on these test data. Therefore, seis-
mic loads appropriate to the two sub-zones may be estimated as follows:

L]
[

Zone 2A: Seismic load = Mass x 2.5 x 0.1 g = Weight x 0.25.

Weight x 0.5.

Zone 2B: Seismic load = Mass X 2.5 x 0.2 g

4.2 Recommended Design Criteria

4.2.1 General Comments

As was noted in the Introduction of this paper, the principal
purpose of this investigation was to determine the amount and type of
reinforcing that should be provided in single-story masonry houses
constructed in UBC Zone 2, and to recommend design provisions that will
satisfy these requirements. The tentative design recommendations are
presented in this section, and are based on the observed performance of
the test houses when they were subjected to Zone 2 intensity shaking
table motions. However, because two sub-zones having different earthquake
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intensities have been identified in Zone 2, it was necessary to formu-
late different recommendations for each sub-~zone; these are set forth in
different subsections.

Before discussing the tentative recommendations, it is important to
recall that during the shaking table tests performed in this study the
walls of the test structures were oriented either parallel to or per-~
pendicular to the excitation axis. Different types of behavior were
observed in the in-plane and out-of-plane walls, and these different
response mechanisms indicate the need for different design requirements
to provide adequate resistance in the in-plane and out-of-plane direc-
tions. However, it is evident that a real earthquake shakes a structure
in both horizontal directions and therefore all walls of a prototype
house must have both in-plane and out-of-plane resistance. Accordingly,
although the tentative design requirements have been formulated separate-
ly with regard to in-plane and out-of-plane resistance, each wall must
simultaneously satisfy both types of requirements.

4.2.2 Criteria for Zone 2A

It was noted earlier that the maximum effective peak acceleration
to be expected in Zone 2A is 0.1 g, and that this EPA is provided by
shaking table tests with a peak acceleration of 0.12 g. Also, in the
interim to represent the additional damaging effect that the second
horizontal component of a real earthquake might bave on an unreinforced
wall, it was recommended that the intensity of the single horizontal
component shaking table motion be increased by 30 to 50 percent, Thus,
a shaking table test with a peak acceleration of 0.16 g to 0.18 g is
assumed to simulate the effects of a maximum Zone 2A earthquake on an
unreinforced wall.

Review of the test structure observations summarized in Tables 3.1
to 3.4 shows that no damage of any type occurred in any wall of any test
structures during tests not exceeding this peak acceleration. To be
more explieit, no in-plane or out-of-plane wall, either reinforced or
unreinforced, was cracked significantly during any test having a peak
acceleration equal to or less than 0.18.g. Moreover, unreinforced walls
that become cracked during more severe tests performed satisfactorily in
subsequent tests with peak accelerations of 0.18 g or less.

Based on this observation, it is apparent that reinforcement is not
required in Zone 2A, leading to the following recommended code provision:

For Zone 2A, no reinforcement is required for earth-
quake resistance in single-story residential buildings
of standard clay brick or concrete block construction
provided the length of shear wall to roof load is
similar to that included in the tests.

4.2.3 Basis of Recommendations for Zone 2B

For Zone 2B, the maximum expected EPA of 0.2 g is provided by a
shaking table test with a peak acceleration of 0.24 g. For unreinforced
walls, this intensity should be increased by 30 to 50 percent to account
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for the damaging effect of the second horizontal ground motion component;
thus, a shaking table test with a peak acceleration of 0.31 g to 0.36 g
should be used to judge the performance of unreinforced walls in Zone 2B
conditions.

However, review of the response observations in Tables 3.1 to 3.4
reveals that the only unreinforced walls which withstood 0.36 g intensity
shaking without damage were the in-plane walls of Houses 2 and 3. The
unreinforced in-plane walls of Houses 1 and 4, and the unreinforced out-
of-plane walls of all test structures, were damaged by tests with peak
accelerations less than 0.36 g. Also, the performance of cracked unrein-
forced walls was unsatisfactory during tests with peak accelerations
less than 0.36 g. Based on these observations, it is concluded that
partial reinforcement is required in the walls of masonry houses built
in Zone 2B; however, the amount and distribution of reinforcement that
is needed must be considered further.

When the walls are partially reinforced, it is believed that little
coupling exists between the in-plane and out-of-plane response mechanisms
in a given wall. Accordingly, the intensity of the single-component
shaking table motions is increased by only 20 percent to account for
perpendicular component input effects. Thus, a shaking table motion with
a peak acceleration of 0.29 g is considered to represent the maximum
excitation for partially reinforced walls in Zone 2B,

Study of the diagrams in references 4 and 5 depicting the cracking
behavior of the test structures, and of similar data not incorporated
into the reports, reveals that no cracking damage developed in any of
the partially reinforced walls, either in-plane or out-of-plane, during
tests with peak accelerations of 0.29 g or less. In fact, no damage to
the out-of-plane partially reinforced walls occurred in any test, even
including the maximum peak acceleration tests of 0.63 g, 0.52 g, 0.48 g
and 0.68 g applied to Houses 1 to 4, respectively. Hence, it is clear
that the partial reinforcement provided im the test structures is more
than sufficient to withstand the out-of-plane effects of any Zone 2
earthquake. Also, these results show that dowels are not needed to
achieve the benefits of partial reinforcement in the out-of-plane direc-—
tion.

_ On the other hand, some cracking was observed in the partially
reinforced in-plane walls of all test structures. In most cases, this
cracking was at the base of the piers and above the ends of the door
and window lintels. It was associated with rigid-body rocking of the
piers, and does not represent a serious damage condition; in fact, the
residual cracks after the test were quite unimportant, and the behavior
of these piers was considered satisfactory even during severe tests.
The only instance of significant damage to partially reinforced walls
occurred in House 4. Tests of this house were performed first in an
unreinforced condition, and cracking developed in one in-plane wall
adjacent to the window-opening. After the walls were reinforced and
testing was continued, additional important cracking took place in this
wall during a test with a peak acceleration of 0.54 g. However, this
excitation greatly exceeded that to be expected in Zone 2B, and in
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fact this partially reinforced wall had withstood an earlier test with

a peak acceleration of 0.32 g, hence, it may be concluded that partially
reinforcing the test structures provided adequate in-plane resistance to
the forces expected from a Zone 2B earthquake.

The final step in formulating the design recommendations for Zone
2B is to generalize the essential factors of the partial reinforcement
included in the test structures. Mainly, these recommendations are
presented in the form of minimum standards which ensure adegquate resist-
ance to out-of-plane forces. These standards also pertain in part to
the in-plane resistance, and it is believed that adequate in-plane
resistance can be achieved by prescription of such minimum standards.
Construction details and standards appropriate for HUD Minimum Property
Standards (MPS) will be developed by the Applied Technology Council
based on these design recommendations.

To allow ATC maximum flexibility in formulating standards, the
principal recommendations concerning in-plane resistance are presented
here in the form of a design procedure. This procedure involves first
estimating the lateral force that would be developed in the structure
due to the maximum expected earthquake in Zone 2B. The acceleration
inducing this force is given by the maximum EPA for Zone 28 (0.2 g)
increased by the ATC amplification factor (2.5). Thus, the acceleration
acting on the roof system is 0.5 g, and the seismic force is equal to
half the roof weight.

The seismic force developed at the roof level must be resisted by
shear stresses in the in-plane walls, and for the purpose of this
analysis it is assumed that only panels in the walls that are at least
six feet wide and without window penetrations will provide significant
resistance. The effective shear stress capacity of such panels was
established by analysis of their maximum shear stresses during the test
series. The forces inducing these stresses were given by the product
of half the roof mass and the amplified peak table acceleration, assuming
that each in-plane wall resists half the lateral roof load. The effec-
tive stresses were then obtained by dividing these forces by the net
cross—section area for the shear pamel defined in the partially rein-
forced wall. Maximum shear stresses calculated for wall panels that
performed satisfactorily during the tests were 34, 38, 40 and 39 psi in
test structures 1l to 4, respectively., Because these did not necessarily
determine the limit of satisfactory performance, it is probable that the
effective strength is higher than these values; but to be conservative
the value of 40 psi was selected as the allowed shear stress. It should
be noted that the assumption of satisfactory performance with this magni-
tude of shear stress is based on the premise that the shear panel has
vertical reinforcement at each end, thus enabling it to accommodate
rigid-body rocking displacements. To account for the ductile response
of the shear wall, reinforced as stated, it is recommended that the
design force of 0.5 g times the roof mass be divided by 1.5. No claim
is made for the rationality of this procedure nor for its suitability
for inclusion in a housing code, but it is expected to lead to partially
reinforced structures with resistance equivalent to those tested during

this investigation.
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4.2.4 Criteria for Zone 2B

Single-story houses of clay brick or concrete block construction
that are built in Zone 2B must be partially reinforced. For the purpose
of providing seismic resistance, partial reinforcement must meet the
following requirements.

(1) The minimum reinforcing bar size is #3.

(2) Each exterior corner of the house must be reinforced by at
least one bar, with a2 corresponding dowel extending from the
foundation.

(3) For out-of-plane resistance:

(a) At least one bar is required in each masonry element
or pier extending from floor to lintel or ceiling
height.

(b) In walls longer than 8 ft, bars must be spaced at an
average distance of 8 ft with a maximum spacing of
12 ft.

(4) For in-plane resistance:

(a) The in-plane resistance is assumed to be provided by
shear panels., These are defined as a wall or portion
of a wall extending from floor to lintel or ceiling
height, at least 6 ft wide and without window pene-
trations.

(b) A vertical #4 bar is required at each edge of a shear
panel. These bars must be dowelled to the footing.
The reinforcing bar does not have to be designed to
resist the forces on the panel.

{(c) The total height of shear panels oriented along each
building axis must be sufficient to resist a horizontal
force equal to half the weight of the roof system
divided by 1.5, with shear stresses on the net horizontal
section not exceeding 40 psi.

(d) Placement of these panels along the length of a wall
must be such that they prevent excessive torsional
response in the house.

(e) Structural elements other than the main walls of a
house (such as the front wall of a garage) shall be
designed according to the provisions of the Uniform
Building Code.
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4.3 Recommendations for Further Research

The tests conducted during this investigation have provided for the
first time guantitative as well as qualitative information concerning
the resistance to earthquake motions of typical single-story masonry
houses. It is believed that most aspects of the behavior of real houses
during real earthquakes have been simulated adequately by the shaking
table tests. However, this report has emphasized that one important
feature of the real earthquake situation has not been included in these
tests: biaxial horizontal excitation.

No shaking table in the United States has the capability of testing
structures of the size of these house models with biaxial horizontal
motions, so it is not possible to study this biaxial effect with complete
similitude. However, a test will be performed with the University of
California Earthquake Simulator that will demonstrate the most important
features of the biaxial response. Specifically, a test structure similar
to those described in this paper will be positioned on the shaking table
with one of its axes rotated 30 to 45 degrees relative to the excitation
axis. The single horizontal earthquake component will induce both in-
plane and out-of-plane forces in all walls. Thus, it will be possible
to evaluate directly the extent of coupling between the response mecha-
nisms, and its effect in producing increased damage.

Because this factor represents the major area of uncertainty
remaining in the seismic behavior of single-story masonry houses, final
recommendations will await the testing of one model house oriented at a
skew angle on the shaking table. The major new feature involved din the
conduct of this test is the design and construction of a concrete base
with sufficient rigidity to support the test structure in its skewed
position. 'In this position, the footings at the base of the walls will
extend beyond the boundary of the shaking table, and adequate support
must be provided although the overhang will amount to only about 2 f&.
This is only a routine design problem, however, because tests have been
conducted previously on the shaking table involving overhanging test
systems. In any case, the relatively limited test will greatly increase
the value of the work already done and summarized in this report.
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FIGURE 2.1 CONNECTION TEST SPECIMENS
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SPECIMENS C!

FIGURE 2.2 ROOF STRUCTURE FOR A MASONRY HOUSE



1-47

Li, I ) (3 3] = 2]
] ‘ L c2 w2 1l Lol
- +-
2IOII
FOOTING
BAR
ELEVATION o # 4 REBARS .
_Lrl/%"x 4T"x5" BOLTED
O FLAT BAR ONLY 5] 34'oia. DIRECTION OF
BoLT MOTION
w3 Wi ge'| |, .
16'0
—_— _—
AlLL” WALLS
— 8-8 HIGH €1
(/2% 5 172" 2'0"
FLAT BAR T~ - . .
$TRESS c3 wa c4a 20"
ROD . TRo 57 [ —] C
PLAN Z!Ou ] 2-on i 81011 I Ziou 1 2loll
80"
WALL FOOTING TO Wi, W2 REINFORCED 2- #£4 REBAR
SHAKING TABLE C1,C3 REINFORCED 3- #4 REBAR
CONNECTION DETAIL
PLAN

FIGURE 2.3 HOUSE 1



1-48

EXTERIOR ELEVATIONS

FIGURE 2.4 HOUSE 2

T ; 777777 771 7.l ,o'j
1 Bl §
B # 4 REBAR (TYP) g
' A
: f
¢ [
<] 1
i6 DIRECTION
A I OF MOTION B
%
A
%
4
/
/
% Al Z
_L_ﬁ}ff/L T 7777
|
B 4"
' 3
PLAN
A Al
e HE T
4. ] 1]
| 9'31/2
3l4ll _
- T
‘l L ] 7 |/2" | [ . l
2'1—2‘ Bnl_l\': 4l i 6( ITZ'SI”—‘ _ET3|4I ‘I 4 8"
L 2 L4
16’ - 14’
B =]
T Jr'4" P
4" 932"
d -+ —7 2"
zl [l 8| [l 6. 21 6"’8" 5|4||
) 16" i 14’



1-49

¥ ESNOH G°¢ {aNDId

{7
A@V pamm e e e e P e rll.lJ

(?@) —.2L .96 .y 2>
e 891 e o e e e I | PR — e 89
8¢ ||v_..\_.oe l'_ N__Ai..oo.‘t—»imm - e 4 |v“. =, OB 2 e
_ ] L xy - ERT
]
L ——
L e e S S sl Ly ] S e t— —
T - 1 .IHIM_J .lﬁuHH‘ o i T A SN S S— -
N A 1 — —— M A 5 i - =1 T 1
LT I - ] 11 S T I T
e — -1 — L S S S S s —— — -
o  E— ) — i o I TYORS S S S 1
| L i S CITTIT T + T T T I
P i) I I . 1 T LI W I I T
- J—T T T T ) g o T T T T 88
) H— I I I ) S I T -1 o8 1 T T
-1 . S S S H..u, Ol :  E— i— = L0l
I — L T T I T T D i N - " 1 ) I 1 I
. _rH g o 3— t s Shnln RN S v
v ¥3d s o ket ED] s W s s Er o et s s T
T—IT— — s e s e T 8 TIvm R e s S P T
T._rlq....n_. L I . 1 . m,h r~._ T | T T T ‘ﬂgll H.4L4~ It T T T I I T “H
T S—— ) S S & o iy e S Gt e i ‘HWUU ot ot S — - A i SO s Gy s a1
} O ¢ I I I 1 T I — 1  — [1 I R St i SO o oo S SAEAt TS MO Tl T | ¥
(P) (@)
{$) fe—— = e e e O - e 261
== 396 ——-ste- - OF —- 9l ote - 20 e b2 -
_“ o o |v_..8_ o o H‘ L—82 21 s (2L e 8 4 O 26 > p
o -ﬁv_xti.. - ..N__A.l.. IJAI... -— | v_.
— _ _ T T ¥ vm
)
- T T T ) I T T I B § B | T T NI | I T T 3
I T B T
N r _a_N_..HJal._‘_i_, g ﬂ 5 S S Ebtius Shite 2 Sty vy I I
. L 4T } S—_) | E— ——— — 1 ! 44 SN W SN S W S S— —
-1 L L e bl T L — Thr I 1 | N | I I 1 T
I 1 I I T I 1 1 | G I R T | - S DU
14 - S 1 T I T T ) AR 1T T R G T L I T
B I I T T T I T3 sl 18 I { I I %4 I | I i I
o R . 1 1 I T T T 1 ] 1 S S | T I I I
FJﬂ - T . T . ﬁ:ﬁ I : I [ | T 1 L . T _J1 X T T T .
A T i —— T B8 T T T 1] .
BsssgssSss s = R SER =t
Z ¥3id ] T 1 u3id -] 1] TH g - I
T  m— I - " H i —— T
ﬂw&rf{r g i L f— 1] T Tt Sl e s e - T
" . S p— - ]
-1 a8 S i S ,_IH..JIH_.I_| rw\. a8 L T” .||m,. . . ; WH"H . -
T - T . T . rJ y _uﬁq:.n T T ”J.WAH 91 “r 1 I | I 1 L | _L[. 1_ 1 - H -1
s g  — g S el e " tp-b o by Lo Dop I o D - T "y y




1-50

T dSNOH ¥04 SLSIL J0 AONANOAS 9°g TANDIJ

NOILOW Ol . NOILOW OL
ISUIASNVY L SISSNUL TITIVHVd SISSNYL
¢ o0o¢ G2 02 G ol e
l | | | I 1 ]
v
. 44 4<
; v .
__ V23NOZ Ho4 v 7 qoi0
300V 318VL Mv3d v o SY
Ve
v v — 020
_Sgamoz¥os ____° % Y
7300V 378VL Hvad O v o B
o Vv .
o - 0g0
(o)
2 —
. ~ ov0
o GV aINOVHO
0) bM M
o (d (dI)e i P
VWIOOVd O
OMINID T o

(B) *71300V 3718VL MV3d



1-51

Z dSN0H ¥04 SLSEAL J0 ADNHNOAS ,L°Z TANDTI

NOILOW Ol NOILOW OL
1371IvHVd S3SSNYL _ ASHIASNVYYL SISSNYL

ge o¢ G2 02 gl ol g
| | ] | | | I
v
v v
v
veanoz¥od o .
*1300V 318VL Mv3ad 5 6
v o v
S v o Vvz
g2 INOZ ¥04 R v ]
1390V J19YL Mvid O o , v
a o v
o —
o
o 0 a2
4 —
(o]

VWIOOVd O |

0 = OYINID 13 o

aaNOVHI vl v
a3INOvHo (dO) IV ~

(dI) v

olIo

020

0€0

ov0

0G0

090

(6) 1300V 318VL Mv3ad



1-52

¢ dSNOH ¥OJ4 SISHL J0 ADNANOAS Q¢ FINOTA

NOILOW OL NOILOW OL
13771VHVd S3SSNAL JSHIASNVYHL S3SSNYL

G¢ o¢ G2 02 Gl ol G
| | ] I | i |
v
v v v
v2 INOZ v |
o430 __ Y oo o
378vL MvaAd © 0 ¢ o
v v v
(o) v 44 v QN ]
gz3aNnozyode oV 0 ° v ]
1300V 31AVL Mv3ad 7 - v
O O v ]
(o]
°° a v gz |
O
o NOILOW |
TWOILLEIA ONIGNTONI @ ¥
QINOVHD (dI) ¥ VAIOOVd O
. OYIN3DT3 o |

a3Movyo (d0o) tv 14vl v

olo

020

0e0

otv0

060

090

(B) 71300V 319VL Mv3d



1-53

¥ dSNOH ¥Ood

S1S31 11V 404 NOILOW OL
JSH3ASNVYHL S3SSNYL

SLSAL JO AONINDHAS 6°7 MANDIJ

Jd30404NI3Y @32HO4NIFHUNN
STIVM 1NV STIVM 171V

bl 2l o] 8 9 v ¢
T T T T h | |
O O
V2 INOZ ¥0d4 _ . _____ oo
1300V 318VL ¥V3d
veZ —020
§23INOZH04 _ ve
*1300V 37avL Mvad
° v - 0€0
° a O —
2
8¢ _lovo
QINOVHD
5 STvmdI
NOILOW :
CER A ) —10S0
IVOLLY3A ONIGNTION| @V STIVM dO
VWIOOVd o o
OYIN303 o 1090

1d4vl v

(6) 1390V 318VYL MV3d



1-54

TAFT
DAMPING = 2 PERCENT

T OURPER AND LOWER BOUNDS
——eem  FOR SIMULATED EARTHQUAKE

——— ORIGINAL GRCUND MCTION

PSEUDO ACCELERATION, ¢

ol eyl N NS T

folo]] o 10 0o
PERIOD, SECONDS

UPPER AND LOWER BOUNDS EL CENTROQ
FOR SIMULATED EARTHQUAKE CAMPING = 2 PERCENT

4[’ — = — GRIGINAL BROUND MCTION

PSEUDO ACCELERATION, g

o) i L L lllli[ L i ) lllLLi ek J_L“r‘r‘r-?-)-J
6ol ol 10 10.0
PERICD, SECONDS
5r~
—— UPPER AND LOWER BOUNDS PACOIMA
———— FOR SIMULATED EARTHOUAKE DAMPING = 2 PERCENT

o 4™ — GRIGINAL GROUND MOTION
Z
[=]
=
4
wi
p
[
(&)
<
L= 4
s
@
a

e} t L1 IlLlLL L L [J([lit |lL1i1
G0l Q. [Xe) 10.0
PERIOD, SECONDS

FIGURE 3.1 RESPONSE SPECTRA, TYPICAL OF MOTICNS
APPLIED TO HOUSES 1 AND 2



PSEUDO ACCELERATION, g

T T T |11—r--r1 T IARARAM T T

TAFT

DAMPING * 2 PERCENT
—— SIMULATED E ARTHQUAKE
— -~ QRIGINAL GROUND MQTION

o L N el e L a1
[¢]s ]} s3] 10 100
PERIOD, SECONDS
5 T AR B T T T T T =TT T
EL CENTRO H
DAMPING = 2 PERCENT i
Py Z UPPER AND LOWER BQUNOS I

PSEUDD ACCELERATION, g

FOR SIMULATED EARTHQUAKES:
AT ORIGINAL GROUND MOTIQN

|
i
]
|
i
|

i

0 L NIRRT AR ST~
001 Q. : 1.0 100
PERIOD, SECONDS
5 p——or T T T T T ——rT
PACOIMA,
DAMPING = 2 PERCENT
al— UPPER AND LOWER BOUNDS
- FOR SIMULATED EARTHQUAKES
- - = QRIGINAL GROUND MOQTION
&
S
s
w
j}
w
15
1
2
g 2t~
=2
ul
g
i
0 L el : voaa g aaad \‘—“—_L|lltl
[s10]] Q. 10 100
PERIOD, SECONDS
FIGURE 3.2 RESPONSE SPECTRA, TYPICAL OF MOTIONS

APPLIED TO HOUSES 3 AND 4

1-55



1-56

SNOTLYIHATIDDOY Av¥dd
IATLOHIIA A0 AYW ¥NOINOD dHI ANV ¢ dNOZ DIWSIES 04N 40 NOSIMVIWOD T'¥ HdNOId

ALIAVYO 40 NOILVY3IT3IDV
40 S1INN NI SYNOINOJ Vd3 ——

2 INOZ JIWSIIS 28N s




PLANAR MECHANICS OF FULLY GROUTED CONCRETE MASONRY 1

By Nunn, R.0.2

ABSTRACT: This paper presents a continuum model for the planar behavior
of fully grouted concrete masonry. Data was taken from 5-foot square
panels cut at an angle relative to the joint system, which were tested
under direct biaxial stresses, with one edge in tension, and the other
in compression or stress-free.

The form of the elastic law describing linear behavior is deter-
mined, and the moduli are evaluated. These moduli show substantial
anisotropy in stiffness.

The significance of prism configuration and end conditions are
discussed. A law describiung the dependence of uniaxial temsile strength
on direction is presented, and is incorporated inteo a law for biaxial
strength for the special case of principal stresses of opposite sign.

A statistical analysis of the biaxial data gives variations in strength
that can be expected.

- A modified plasticity model describing the behavior of reinforced
masonry following initial fracture is presented. The existence of a load-
ing surface is illustrated, and a law is given for the change of this
surface based on tenslile strain. Tensile strain is also employed in a
law describing stiffness degradation. Normality of the plastic strain
rate is shown to heold at several points on the loading surface, and a
stress rate - total strain rate matrix- for plastic behavior is derived.

1
Research was sponsored by the National Science Foundation under Grant
#PFR 78-16581.

2Graduate Student, Dept. of Applied Mech. & Engr. Sci., University of
California, San Diego, La Jolla, CA 92093.
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PLANAR MECHANICS OF FULLY GROUTED CONCRETE MASONRYl

by
R. 0. Nunn2
INTRODUCTION

Masonry is a form of construction that has been practiced for
thousands of years. While some traditional materials, such as stone,
are rarely used today, concrete block now provides a rapid and econom—
ical method of producing structures of one to ten or more stories.

The wide variety of brick and block available makes possible buildings
of excepticnal color and texture.

Though masonry is widely used as a comstruction material, rather
little is known of its properties. Research into its behavior has lagged
behind research in other materials. Concrete, for example, has been the
subject of careful study by many investigators, and the American Concrete
Institute publishes a journal devoted to results of their work. No such
journal has been available for the publication of masonry research results,

The main danger in this lack of knowledge lies in the response of
masonry structures to seismic loading. Encugh information has been accum—
ulated through analysis and simple experiments to design structures that
are quite safe under static conditions. But dynamic loading can produce
markedly different stresses, including tensile stresses. While masonry
is generally very strong in compression, most types are rather brittle,
and can withstand much less tensile stress.

A result of this brittle behavior has been substantial damage to
many masonry structures in areas that have experienced strong earthquakes
f{1]. But in the same area where some masonry structures have been destroved,
others have survived undamaged. It appears, therefore, that through analysis
and a knowledge of material behavior, it should be possible to reduce the
seismic hazard.

In an effort to provide this knowledge, an extensive research pro-
gram was undertaken at the University of California, San Diego. The pro-
gram consists of experimental, analytical, and numerical investigations
of the behavior of masonry material and connections. The subject of this
paper is an analytical representation of selected experimental results on
material behavior.

lResearch was sponsored by the National Science Foundation under Grant
#fPFR 78-16581.

2Graduate Student, Dept. of Applied Mech. & Engr. Sci., University of
California, San Diego, La Jolla, CA 92093.
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1. OBJECTIVES AND METHODOLOGY

1.1 Scope of Study

In conducting an investigation into the behavior of a material as
complex and variable as masonry, it is necessary to limit the scope of
the study. Some of the material variables to be considered are block type,
mortar type and amount, grout type and amount, method of compaction, and
amount of reinforcing. (These terms are illustrated in Fig. 1.1). In~
stead of looking at the effects of these variables, attention was restricted
to a few combinations, which were selected on the basis of their widespread
use in construction. The intent of this restriction was to allow a thorough
study of the masonry types selected.

The results presented in this paper are further restricted. They
are based on tests of a single combination of components, and all specimens
were fully grouted. While partially grouted masonry is widely used and
deserves study, fully grouted masonry is of importance in seismically active
areas, and such specimens are easier to handle because of their greater
strength. Both unreinforced and reinforced masonry are discussed.

In addition to selecting a material type, it is necessary teo decide
what properties will be investigated. In the UCSD program, only in-plane
loads were considered. Though damaged structures sometimes exhibit out-of-
plane failures, walls that suffer such displacements probably do so only
after substantial damage has occurred. Thus, knowledge of planar behavior
should enable one to predict the response of a structure until it is close
to collapse.

1.2 Method of Investigation

In studying this planar behavior, two approaches are possible. One
is to test structural elements, for example piers, then to combine these
results to predict the behavior of a structure. BSuch a program exists at
the University of California, Berkeley [2]. But the number of possible
elements and their variations can necessitate a large number of tests. The
other approach, employed in this program, is that of continuum mechanics.
If one can determine the properties of the material, then through analysis
one can predict the behavior of the structural elements, and a complete
structure. The structural element tests can serve as an important check
on this process.

The design of masonry buildings is presently based primarily on the
uniaxial compressive strength, which is determined by prism tests (see
Section 3.1}. Other tests that have been conducted include beam tests and
diagonal compression tests. These other tests cannot, however, determine
a material behavior law relating stress to strain. While the state of
stress for such loading may be known for an isotropic linear material, the
solution does not hold for masonry, so the stress and strain are unknown.



In order to find such a law, one must be able to apply an arbi-
trary state of uniform planar stress. Such a stress state consists of
two direct stresses, plus a shear stress. Direct stresses are fairly
easy to apply, but the application of shear stress is quite difficult.
To circumvent this difficulty, the following result of tensor analysis was
taken advantage of: A general state of planar stress is equivalent to
two direct stresses (the principal stresses) with zero shear stress, at
some angle relative to the coordinate system of the original stresses [3].
This result is expressed quantitatively by Mohr's circle.

Since these direct stresses are to be applied to the edges of the
specimen, the edges must be aligned with the principal stress directions.
Thus, the masonry joints will, in general, not be aligned with the edges.
Once a stress state is selected, the principal directions, and hence the
specimen orientation, are determined. A disadvantage of this procedure
is that for a particular specimen, the directions of the principal stresses
are fixed,

The requirement that the stress be uniform applies, of course, only
macroscopically. Treating a material as a continuum requires that varia-
tions in stress at the microscale be averaged out over several micro-
dimensions. For masonry the micro-dimension is a block length, 16 inches.
For this program, therefore, the size of the square specimen was chosen
to be 64 inches.

1.3 Specimen Construction

The first step in producing these oblique lay—up specimens was
the construction of 8-foot square walls, which were built by professional
masons using conventional field practice. Grout was poured in 8-foot
lifts and compacted by puddling. The materials used in construction are
described in Table 1.1. After curing, a wall was faced on one side with
a laver of hydrocal, then placed horizontally on the hydrocal. A dynami-
cally balanced, high speed circular saw then cut out the specimen.

Reinforced specimens had two number five bars in each direction,
for a steel to total area ratio of 0.13 percent, which is typical of
masonry construction. These bars were carefully positioned to end just
short of the specimen edge. After the specimen was cut, the grout was
chipped away from the end of the bar, and a steel plate was welded to the
bar and bonded in place with epoxy.

The walls for this program were fabricated in eight batches.
Though materials and construction were the same for all batches, signifi-
cant variations in strength between batches were observed. One batch
that cured during a particularly wet period was considerably strouger
than the others. Thus, when calculating average properties, it is necess-
ary to restrict attention to a single batch.



1.4 Test Procedures

For the purpose of testing these specimens, a test frame cap-
able of applying arbitrary biaxial stress was constructed. This frame,
shown in Fig. 1.2, was designed to withstand the enormous loads re-
guired to fail a specimen, with only small deflections. The frame
deflection must be small in order to control displacements when loads
drop suddenly at first fracture. A smaller frame was built for testing
uniaxial specimens.

The biaxial frame actually consists of two parallel frames,
between which are attached hydraulic actuators that deliver the locad.
The actuators are arranged four to a side, can deliver up to 120,000
1bs each in either direction, and are controlled by a mini-~computer.
They are attached to 6-inch thick aluminum load distribution fixtures,
which are bonded to the specimen (Fig. 1.3).

Two bonding materials were used. For unreinforced specimens
the load fixtures were attached with a 0.25 inch layer of a polysulfide
material having a low (~ 150 psi) shear modulus. This low shear modulus
permitted large strains in the tensile direction with little drag.
There was some concern that under compression the polysulfide might tend
to extrude and thus cause tensile failure at the specimen edge, but tests
at the highest level of compressien showed no evidence of such an effect.
In early tests the crack sometimes occurred near an edge, so a layer of
epoxy 8 inches wide was added to both faces of each tensile edge, in
order to force the crack into the center of the specimen (Fig. 1.3).

The bonding of reinforced specimens was scomewhat more complicated.
In order to transfer load to the steel, a steel plate was welded to each
bar on the tensile edge, then epoxy bonded in place. The entire tensile
edge was then bonded with epoxy to another steel plate, which was attached
to the load distribution fixture. This procedure ensured that the steel
would not debond from the much softer masonry. A polysulfide bond was
again used on the compression side, in order to minimize shear drag.

In applying loads to the specimen, one tensile side was fixed in
translation, and the other displaced at a prescribed rate. Both tensile
sides were free to rotate. As the tensile load was applied, it was
multiplied by a factor and applied to one of the compressive sides (pro-
portional loading), which was also free to rotate. The opposite com-
pressive side was actively prevented from either displacing or rotating.
Thus, owverall displacement and rotation were prevented, and uniform
stress along each side was ensured.

Prism tests were also conducted as part of this investigation
[4]. These tests were performed with a 300 kip Riehle machine under
displacement control, and a ball and socket joint was used between the
prism and the load platen in order to eliminate moments. The results
were quite sensitive to prism end conditions, and these effects are dis-
cussed in Section 3.1,
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1.5 Data Recording and Reduction

Data taken during biaxial tests consisted of the load applied by
each hydraulic actuator, plus a number of displacements. The loads were
measured by load cells placed in line with the actuators. The displace-
ments were taken across the specimen at several locations, and were
measured by linear variable differential transformers (LVDTs). There were
eight LVDIs available. They were usually arranged with two on each face
parallel with the direction of tensile loading, three in the compressive
direction, and one at a 45° orientation. This arrangement constitutes a
strain rosette that defines the state of strain. The rods that the LVDTs
were attached to can be seen in Fig. 1.3.

The signals from these instruments were processed by a high-speed
digital data acquisition system, which recorded 300 samples/sec from each
channel on magnetic tape. The information on tape was converted to plots
by a computer program that allowed several channels to be combined and
plotted versus either time or another combination of channels.

Table 1.1 Component Descriptions

Block Mortar Grout

Type N Type S 2000 psi coarse
Description Normal weight ASTM €270 ASTM C476

ASTM €90 (6-sack grout)

Compressive
strength¥* 3300 psi 2420 psi 3870 psi
Tensile
strength#* 329 psi 215 psi 266 psi

Reinforced specimens with #5 (grade 60) rebar.

* .
Strengths from 4 in. x 6.5 in. block coupons, and grout and mortar
cylinders.
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Fig. 1.1. Illustration of Masonry Terms.

Fig. 1.3. Load Distribution Fixtures

Fig. 1.2. Biaxial Test Frame.
Bonded to Specimen.



2. ELASTIC BEHAVIOR

The first step in the analysis of a structure is to determine its
elastic response. Even if one's interest is in the response once frac-
ture has begun, prediction of the commencement of fracture requires
knowledge of the behavior in the elastic range. For masonry, this be-
havior is quite simple for loadings usually encountered. Except, perhaps,
in the high compressive stress range, masonry has a very linear response
up until first cracking. This linear behavior is defined by the elastic
moduli. One also needs to know the material damping for a complete des-
cription of the elastic behavior. If it is large enough, material damp-
ing can be of importance in energy dissipation.

2.1 Form of Elastic Law

In this treatment of the behavior of masonry, out of plame load-
ing is assumed zero. If a coordinate system is aligned with the joint
directions as shown in Fig. 2.1, the stresses and strains of interest
are (Oll’ 022, )9 021) and (ell, €93 €9 e21). Either set is assumed

to determine the other.

This geometry and loading is one that is frequently encountered,
of course. From the behavior of the material at each point in the thick-
ness direction, the overall behavior is commonly derived by assuming a
plane stress condition, then integrating stresses across the thickness.
If masonry is considered solid, such a procedure is valid. But grout
cores adhere poorly to the cell walls, and there are voids in the grout
and at the head joints. For partially grouted masonry, in fact, a stress-
strain relation at a point in the thickness direction cannot be defined,
for such an element fails to be a continuum. Therefore, elastic behavior
will be analyzed without considering the variation in stress through the
thickness.

Since this analysis will disregard the thickness direction, it
would be more correct to discuss stress resultants (force per unit
length) rather than stress. But since strength is commonly expressed
in terms of stress, this is not done.

Plots of the above stresses versus strain are very linear almost
until fracture. Therefore, assume that within some range the following
linearity condition holds:

%3 = Cijke ke °

where the subscripts have the range (1,2), and repeated subscripts
indicate summation.
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If one assumes the existence of a strain energy function W
such that

G = awW ,
ij e,
1]
then one has symmetry of the above matrix: C,. = C Such a

ijk& kij®
function exists for the three-dimensional case, and the proof of its
existence [5] holds for this case of stress resultants, at least for
static situations.

If the above matrix is inverted, one has the symmetric matrix

c such that

17k
®19 T %14k %kt -

Because of symmetry of the stress tensor (012 = 021), terms can be
combined to give the form

e 7] ' —g.
€11 ¢711 %1122 ©1112 | %11
e c c cl. g
22 § = | %1122 C2222  ©2219 22 ,
1
€12 Lf1211 1222 C1212 ) | P12

where the symmetry condition C1122 T 2911 has been employed, and the

equation for eZl (=e12) has been eliminated.

There is one further condition that can be used to simplify the
above relation. That condition is material symmetry. If the x; axis is
reversed in sense, the form of the above law cannot be affected, for the
X2 axis is a line of gymmetry. (Note that this would not be the case
for a wall constructed of block open at one end and closed at the other.)
Reversing the sense of the x; axis will change the signs of ey, and Ojj,
while leaving the other stresses and strains unchanged. Hence, one
concludes

' = 1 = £ =
©i112 T 2212 T ©1211 © C1222 © O

With new names for the four constants, the relation becomes
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el 1/El —2\)/(E1+E2) 0 941
€oq = -ZVKE1+E2) 1/E2 0 622 . (2.1)
€10 0 0 1/26G 012

2.2 Determination of Elastic Moduli

Direct determination of the values of the four elastic moduli is
possible by applying loads in the following manner: First set Jgp = 0,
while 0131 is non-zero. This will determine Ej. Switching roles for the
two stresses then determines Ep and V. Any stress state having Oy #0
will determine G.

In this investigation, specimens were tested by applying direct
(zero shear) loads to edges cut at a lay~-up angle 0. With the coordi-
nate systems shown in Fig. 2.2, this implies that OiZ = 0. Under this
restriction, stresses transform as follows:

041 = Oil 008284-052 sinZG

0y, = 01 sin’0+0), cos?8 (2.2)
— et 1 .

612 = ( Gll + 022) cos 8 sin 8

Two orientations have special significance in these relations.
For 6 = 45°, one has 011 = Op9 for all values of Gil and Oéz. Because
of this, the three moduli E;, E;, and v camnot be determined for a 45°
specimen. Clearly, for values of 8 near 45°, their determination will
be difficult, For § = 0°, on the other hand, one has 039 = 0, so that
G cannot be determined. Hence, an intermediate value of 6 is necessary
in order to determine all four modull accurately. For this reason,
specimens having a lay-up angle 8 = 20° were chosen for the determination
of elastic moduli.

From the above equations, one finds that, for direct determina-
tion of the moduli, the applied loads must satisfy these conditions:
2

022 = —Oll tan” 9 ( = 022 = 0)

]

= ! tan2 6 ( » 0 0)

'
117 Y22 11
Note that each of these relations necessitates a tensile load. Because
of the low tensile strength of masonry, care must be taken in conduct-
ing such a test not to fail the specimen prematurely. In the tests we
performed, the second condition was satisfied during a test in which a
failure strength of the specimen was determined. However, no test was

conducted that satisfied the first condition. Hence, determination
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of the moduli was somewhat more complicated than in the procedure
described above.

The tests that were conducted (for most specimens) were the
following three: horizontal compression (622 0), vertical compres-
sion (Ui = 0), and a failure test with 011 = 0. From the failure test
one can %ind Es and the term -2V/(Ej + Eg). Then one can determine
Ey from the horizontal compression test. This requires the value of
—ZU/(El + Ej), but since it multiplies the small quantity 09, an error
in its wvalue will have a small effect. Finally, any one of the three
tests is suitable for determining G.

2.3 Analysis of Moduli Data

The data taken during the tests included the loads applied to
the edges of the specimens, and displacements in three directions across
the specimens. These are shown in Fig. 2.3. The loads were applied
as shown for all specimens, but the configuration of the displacement
gauges varied somewhat.

The edges of the specimen correspond to the x!

{ and xé directions
(see Fig. 2.2). Hence, the stresses are given by

(1LD13 + LD14 +LD15 + LD16)/488 in2

11 °

o), = (LDL + LD2 + LD3 + LD4)/488 in?
t —

012 =0

In the horizontal direction, the loads on each side of the speci~
men agreed very closely. In the vertical direction, gravity produced a
difference of several psi between the loads at the top and the loads at
the bottom of the specimen. For determination of elastic moduli, this
offset is of no significance.

While the actual stresses were known, only changes in strains
were available, because the LVDTs were not set to read zero at zero
load. To find the change in strain, each displacement was divided by
its gauge length, then the resulting strains were averaged. For the
configuration of Fig. 2.3 this gives

A(Dm +D2H_ D3H +D4H)/4

Beq; CLIH ' CL2H ' CL3H ' GL4H

. DIV, D2V, D3V
heyy = b (2 cLiv T erav t GL3V /l‘

_ D1D
hey =24 o
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Examination of displacements from many specimens showed little
variation in readings from the same face of the panel (e.g. D1V and
D2V}, but frequent significant variation, as much as 20 percent, from
frout to back. This is the reason that D1V is multiplied by 2. For
the same reason, ep may suffer some error, since only one LVDT was
available for its measurement.

The first step in analysis of the data was to determine a set
of stresses and corresponding strains. These strains were found from
plots of stress versus strain. For uniaxial loading, all three strains
were plotted versus the applied load. For the failure test, both
stresses were used, and corresponding values of the two stresses were
found from plots of stress versus time. '

An example of a stress—strain plot for several cycles of com-
pression is shown in Fig. 2.4. Because the specimen was preloaded,
the stress does not go to zero. To find the strain corresponding to
a stress, a straight line was extrapolated to the zero-stress level
along the path of increasing load, as shown by the broken line.

From the specimens tested in this investigation, two were
selected that were best suited for elastic moduli determination. For
many of the early specimens, determination of all four moduli was
impossible, because only horizontal and vertical strains were measured.
Of the remaining specimens, there were two tested at the desired 20°
lay-up angle. These two specimens, nos. 79 and 84, were from the same
batch, so their properties should be very similar.

The strains measured for these two specimens are given in
Table 2.1. These three extensional strains (e!,, el,, e,) constitute
a strain rosette, (0%, 90°, 45°), and from them the sSheat strain e!
can be determined. The transformation of strain components is given by

= ot 2 ' . 2 '
€11 eqp cos 0+ e,, sin g + 2e12 cos 6 sin ©
e,. = e! sinze + e! cosze - 2e!, cos O sin O (2.3)
22 11 22 12
e, = (-el. +el)) cos 6 sin & + e! (c0528 - sinze)
12 11 22 12

The strain eps which is measured by the LVDT labeled DI1D in
Fig. 2.3, is seen to be the strain €5y for 6 = 45°. Therefore, one has

o - it t+ 22, (2.4)
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whence

el + el
11 * 2
12 =7 2 “°p (2:3)

Once the shear strain e'2 has been determined from Eq. (2.5), Egs.
(2.3) yield the strain componen%s in the (unprimed) lay-up coordinate
system. Equations (2.2) serve to transform stress components. By apply-
ing these transformations to the stresses and strains of Table 2.1, one
obtains the results listed in Table 2.2.

One can now employ the procedure described in Section 2.2 to
determine the elastic moduli. Though the stress ¢ is not zero, as
assumed in Section 2.2, it is small enough to be neglected in order to
obtain a first estimate of the values of the moduli. With those esti-
mates cne can then correct for the non-zero value of 0,,. The results
are given in Table 2.3, where G is taken to be the average from the
three tests.

With the values of the moduli known, it is now possible to pre-
dict, from the applied loads, the strains measured in the experiments.
One first transforms the stress components from the primed system to the
unprimed system by use of Eqs. (2.2), then finds the lay-up coordinate
strains from Egs. (2.1}, then transforms to the primed coordinate strains
using

- 2 2 .
e11 €11 cos 6 + e22 sin"9 + 2e12 cos B sin B

22 = €11 sin26 + €5 c0526 - 2e12 cos O sin © (2.6)

12 = (-ell + ezz) cos 8 sin 6 + e (cosze - sinze)

12

The final step is to find e, from Eq. (2.4).

D

The values of the moduli given in Table 2.3 were determined by
using only part of the data available from the experiments. The pre-
dicted values of the remaining data will, of course, suffer some error.
In order to minimize these errors, it is necessary to use all of the
data in the moduli calculations.

To do this, the predicted values for the three measured strains
were computed, then the moduli values were refined so as to reduce the
largest errors. By calculating the coefficients of each modulus in the
expressions for the strains e!., e'z, e., it becomes evident how to alter
the moduli. The greatest change was in the value of v. One might expect
Vv to be difficult to determine, since its value requires the measurement
of a rather small strain. The refined values are given in Table 2.4.
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Two items are noteworthy in these results. One is the small
value of v compared to its value for metals. The other is the strong
anisotropy: This material is twice as stiff in the vertical direction
as in the horizontal direction. This difference in stiffness may be
partly due to the head joints. There is little mortar between adjacent
blocks in the same course, so this joint will probably suffer substantial
deformation. In contrast, the grout cores run uninterrupted in the
vertical direction, and the bed joints are more completely mortared and
have the benefit of compression due to gravity during curing.

Another reason may be that the grout contributes little to stiff-
ness in the horizontal direction. Examination of the cut edges of speci-
mens shows frequent separation of cores from the block. This separation
could mean that the grout is not being loaded during horizontal com-
pression.

The values of the strains predicted using the moduli values
listed in Table 2.4 are given in Table 2.5. The measured strains are
given in Table 2.1, and the predicted values follow from the measured
loads (Table 2.1), and the transformation laws given above. One can see
that most predicted values are within 20 percent of the measured values,
and the worst percentage errors occur for the strains of small magnitude.

The error in these results probably is due principally to uncer-
tainty in measurement of displacements., From the plots of stress versus
strain (e.g. Fig. 2.4), the uncertainty in the strains used in these
calculations can be estimated, and from this follows the uncertainty in
moduli, listed in Table 2.6.

Table 2.1. Elastic Strains (X 106) and Stresses (psi) in Principal
Stress Coordinate System.

¥ ¥ t t
Panel # Test el e22 eD 011 022
Horizontal  -182  18.2  -63.1  ~-180 0
79 Vertical 43.7 _*196 =41.7 0 =350
Failure 106 ~1 80 -13.1 42.1 =300
Horizontal ~176 20.7 -62 =180 0
84 Vertical 37.9 -207 -32.8 ¢ -350

Failure 94.1 -184 -11.5 40.1 -300




Table 2.2. Elastic Strains (X 106) and Stresses (psi) in
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Joint
Coordinate System
Panel # Test ey ey €9 %11 Oy O
Horizontal -171 6.8 50 -159 -21 58
79 Vertical -6.5 ~146 =103 -41 -309 -112
Failure 57 -131 -110 2.1 -260 -110
Horizontal -163 7.7 51 =159 =21 58
84 Vertical -24 -145 -118 -41 -308 -112
Failure 40 ~130 -115 0.3 -260 =109
Table 2.3. Elastic Moduli, First Estimate
6 . 6 6 .
Panel # El (10" psi) E2 (10 psi) G (10~ psi) v
79 0.907 1.992 0.541 0.31
84 0.957 2.001 0.506 0.23
Table 2.4. Elastic Moduli, Final Estimate
6 6 \ 6 .
Panel # E1 (107 psi) E2 (10" psi) G (10" psi) v
79 0.912 2.041 0.526 0.19
84 0.957 2.037 0.488 0.16
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Table 2.5. Predicted Elastic Strains (X 106)

Panel #

Test

13 22 b
Horizontal -186 244 -64.4
79 Vertical 47.5 -198 -39.2
Failure 84 -176 -18.6

Horizontal -182 25.3 -69
84 Vertical 49,2 =205 =34.4
Failure 82.6 =182 -14.0

Table 2.6. Uncertainty in Moduli Values
6 . 6 . 6

Modulus El (107 psi) E2 (10" psi) G (10" psi) v

Uncertainty + 0.03 + 0.08 + 0.03 + 0.04
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3. INITIAL STRENGTH

The strength of masonry is defined by a closed surface in stress
space (J.., U,,y 0,,) at which first cracking occurs. The tests con-
ducted in this inveéstigation do not determine the entire surface, but
concentrate on a part of the surface that should be of greatest impor-
tance in the analysis of bulldings subjected to seismic loading.

Both uniaxial and biaxial strength tests were conducted, and
uniaxial specimens were tested both in compression and tension. The
biaxial tests were restricted to the following special case: The princi-
pal stresses and thelr orientation were chosen to render the normal
stress on the head joint planes zero. This restriction was made because
it is believed that in structures this stress is usually small compared
to the shear stress or the normal stress on the bed joint planes:

Ioll]<< max (|022| ,|012()

3.1 Uniaxial Compressive Strength

Before looking at the general case of biaxial stress, consider
the special case in which ome of the principal stresses is zero and the
other negative (compressive). Tor this case there remains one variable
to be specified: the angle at which the stress acts relative to the
bed-joint planes. Though the compressive strength and its dependence
on lay-up angle should be determined by tests on large-scale panels,
our test system did not have the ability te load to failure in cowm-
pression. Hence, we were forced to determine compressive strength by
tests on small-scale specimens, and we were unable to determine its
direction dependence.

The direction of loading which is easiest to test is that direc-
tion in which masonry is normally loaded - with compression across the
bed joints. The strength in that direction is related to the quantity
f', which plays a major role in the design of structures. Building codes
employ f' to limit allowable stresses. Its value is determined by tests
on prisms, which are small assemblages consisting of two or more blocks
laid up in a column. Specifically, f' is determined by tests of two-
course prisms capped with a high-strength sulphur fly-ash compound or a
high-strength gypsum plaster [6]. £' is taken to be the failure Ioad
in compression divided by the cross-sectional area of the prism,

As part of this investigation we examined the significance of £!
as determined by the above procedure [4]. We found that two factors
significantly affect the results obtained. The first is end restraint.
Friction between the specimen and the bearing plates of the testing
apparatus greatly restricts lateral displacement at the ends of the
specimen. This restraint results in a higher failure load than would be
obtained if the restraint were absent.
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Evidence of this restraint is found in the failure mode - in a
two-course prism the fracture surface bends away from the bearing plate
to leave a roughly conical piece attached to the bearing plate (Fig. 3.1)
~ and in the lower strengths obtained with prisms of more than two courses,
For prisms of three courses, the end effects are smaller at the center of
the prism, so that the stress state begins to approach one of true uniaxial
compression. This results in proper tensile splitting in the center block
(Fig. 3.2). The proper stress state is nearly achieved in prisms of four
courses, so there is little variation in strength between four-course
prisms and those of five courses.

This interpretation of the effects of prism height leads to the
conclusion that a two-course prism should behave similarly to a four-
course prism if friction between the specimen and the bearing plates were
eliminated. One method of greatly reducing the friction is to use a soft
capping material. We conducted tests of two-course prisms capped with a
0.25 inch thickness of a polymer material with a very low shear modulus
(about 150 psi). The results were as anticipated. The failure stress
was about equal to that of a four-course prism, and the failure mode was
tensile splitting that extended all the way to the ends of the specimens
(Fig. 3.3). That this failure stress was not less than that of a four-~
course prism is evidence that the polymer does not cause premature failure
by extrusion.

The other factor affecting the significance of prism tests is
bond configuration. The two—-course prisms which are tested to determine
f! have no head joints. Two full blocks are simply laid up in stack bond.
To determine if head joints influence the strength results obtained, tests
were conducted on three— and five-course running bond prisms constructed
from full blocks and half bloecks., It was found that these prisms are
significantly weaker than stack bond prisms of the same height. The
reduction in strength for five-course prisms was about 16 percent.

The above results show that the value of f; obtained from two-
course prism tests is much higher than the true compressive strength of
full-scale masonry. The strength of a two-course stack-bond prism with
a hard cap is about 62 percent higher than that of a five-course running-
bond prism, which should be close to the strength of full-scale masonry.
(This does not mean that the building codes are incorrect. This artific-
ially high strength apparently has been accounted for in the safety factors.
The true full-scale masonry strength is simply never considered in building
design.)

It is possible that the narrow width (one full block wide) of a
running-bond prism leads to a slightly premature failure in the head
joints, but the error should be small. This possibility should be in-
vestigated by testing larger specimens, for example a five-course running-
bond prism two full blocks wide. For this program we did not have a
machine capable of performing such a test, so our best estimate of the
compressive strength of full-scale masonry is that of a five-course running-
bond prism.
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3.2 Uniaxial Tensile Strength

Next consider the case in which one principal stress is zero and
the other positive (tensile). For this case we were able to load large-
scale panels to failure, and hence able to determine direction dependence.

A series of tests of direction dependence was conducted for each
of two batches of specimens. The results are shown in Fig. 3.4. The
variable § represents the angle between the tension direction and the
normal to the bed joints, so that 0 = 0°represents tension across the bed
joints, and 6 = 90° tension across the head joints.

For each batch there is a clear maximum strength for © about 40°,
with the strength gradually diminishing away from 40°. Thus, a second
degree polynomial should provide an excellent representation of the depen-
dence of strength on 0. Further, the variation in strength with € is
remarkably similar for the two batches, with batch 6 simply shifted up
from batch 5. Therefore, it appears that one should know the strength
for arbitrary 6 if the strength for 0 = 0°is known.

For each batch, the values of the three constants for a second-
degree polynomial fit of the data were determined by a least squares
procedure. The results are given in Table 3.1, where

Op = Oio) + atb + bGz , 9 in degrees.
Since a and b show little variation between batches, the following formula
should be an excellent representation of uniaxial tensile strength:

]

(')
¢~ %

+0.67 6 - 0.009 6% , 0 < 0 < 90° (3.1)

3.3 Biaxial Strength

The strength of masonry under biaxial loading was studied for the
special case of zero head-joint normal stress. The behavior of fully
grouted masonry was expected to be similar to that of concrete, which has
been carefully studied. For concrete under biaxial loading, the tensile
stress at which fracture occurs decreases approximately linearly with
increasing compressive stress (see Fig. 3.5, from [7]).

In this investigation the most complete results were obtained for
batch 6. The original data points are listed in Table 3.2, and shown in
Fig. 3.6 with tensile stress plotted versus compressive stress. The nine
original data points, represented by circles, clearly show a gradual
decrease in tensile strength as the compressive stress increases. For
these tests, however, the tensile direction varied over a range of 80°.
Hence, the results should reflect the anisotropy described in the pre-
vious section, and a more nearly linear relation might be expected if
this anisotropy were somehow accounted for.
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Consider what effect anisotropy should have on the data of
Fig. 3.6. For panels 48 and 55, the angle between the tensile direction
and the normal to the bed joints was 45°, while for panels 50 and 58 the
angle was 0°. Hence, by the results shown in Fig. 3.4, panels 48 and 55
can be expected to show less of a decrease in tensile strength compared
to panels 50 and 58 than they would if their tensile direction were
also 0°,

This observation forms the basis of the following method of
correcting the tensile stress of a biaxial test for the known anisotropy
in uniaxial tensile strength. The method is illustrated in Fig. 3.7, in
which tensile stress is represented by the vertical axis, and compressive
stress by the horizontal axis. The circle represents the original data,
and is assumed to lie on a line from A, the uniaxial compressive strength,
to B, the uniaxial temsile strength for the direction of the tensile stress.

Hence, if the tensile direction is stronger by an amount A then
the tensile strength for the direction 0 = 0° the point would have fallen
on the line AC if the specimen had been tested at € = 0°. Thus, the
corrected point is represented by x. Anisotropy in compressive strength,
if it were known, could be corrected for by the same method.

Since neither A nor B is known until a line is fitted to the data,
the correction should be doue by an iterative process. But fortunately,
the corrections are insensitive to the final result. 1If one assumes the
slope of the line AB, usually about 1/15, the corrected value is deter-
mined, and no iterations should be necessary.

For the biaxial tests conducted in this program, the condition of
zero head joint normal stress meant that the ratio of compressive stress
to tensile stress was determined by the angle at which the tensile stress
was applied. Hence, this angle determines the correction A in uniaxial
strength, and also the final correction in biaxial strength if a slope is
assumed for the line AB.

The relation between the ratio of stresses and the tensile
direction is

r = ctn2 e,

where t is the ratio of compressive stress to tensile stress, and O is the
angle between the tensile direction and the normal to the bed joints

(Fig. 3.8).

If one known r and A, and assumes a slope for the line AB, then
the correction 8 for the tensile stress is determined as follows. Let
the line AB have slope 1/R. Then the lines AB and AC are given by
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= 2.5
- - X
v = (B-A) (1 + RB)'
The difference is
= >
§ = A (1+RB).

Since the original data point lies on the line AB and on the line

-x/r ,

y

one has

rBR

ET"T ¥R

Substituting this result in the expression for § gives

_ __x
§ =4 (1 r+R)'

The tests in this program were conducted for six values of the
angle 8. Table 3.3 gives the values of 0 and the resulting corrections,
for R = 15. Applying these corrections to the data of Table 3.2 gives
the. values listed in the last row. These are plotted as x's on Fig.
3.6, and are clearly closer to a straight line than the original data.

A measure of the closeness to a straight line is provided by the
methods of statistics [8]. Let the corrected data be represented by the
pairs of observations {(x;,y;); i = 1,2,....,n}, where x; is the compres-
sive stress (x; < 0). Assume that the random variable Yi = lei is
related to x, by the equation

= q +
Yi o Bxi + Ei ,

where the error term E; is a random variable with mean zero, and that each
E{ is normally distributed with the same variance 02. Then the regression
line

u le = o+ Bx
is estimated by the line

¥y=a+bx ,

where
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. nExiyi - (in) (Zyi)

2 2
ani - (in)
a=-§-b§,

and the bar over a variable indicates the arithmetic mean. Applying these
results to the corrected data gives

b = 0.0820

a i10.7

The accuracy of these estimates of the parameter o and B is express-
ed by confidence intervals. (1-2y) 100% confidence intervals are given by

/ 2 f 2
t s+l 1lx, L. s4/LlX.
g - X X Y N 1

<o < a+

\/n Sxx Vn Sxx

where tY is a value of the t distribution with n - 2 degrees of freedom,
2
(2x,)
XX i n
2 . 2 .
and s~ is an unbiased estimate of 07 given by
By, 2 - (Gy)/a] - b (Exy, - (3x,)(Zy;)/n]
2 Vi i 171 i’ Y4Y4

s = n-2 '

For the corrected data one finds
s = 10.4

and 907% confidence intervals are
101.1 <o < 120.3

0.0604 < B < 0.1036 .
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For the purpose of predicting the strength at a particular com-
pressive stress, one has the (1 - 2y) 100% confidence interval for a
single response

(xo-§)2
S

~ 1
yo tys 1+ o +

1 (xo-'g)2
<y <§ JE U
Y5, + tYS 1+ . + S
XX XX

The 90% confidence intervals at several values of compressive stress are
given in Table 3.4.

The line determined by the above procedure is shown in Fig. 3.6.
It fits the data quite well, and the confidence intervals give the
variability in strength one can expect.

For use in computations, it is necessary to have an expression
for the above law of biaxial strength. The statement of this law is
quite simple in terms of principal stresses. Let the principal stress
Gé2 be positive {tensile), Uil negative (compressive). Then fracture
occurs when

Gt
v = 1
Oh9 = 7 (07, +9) (3.2)

where O_ is the uniaxial tensile strength for the xé direction.

t

The quantity U, requires some consideration. If the linear law
held for arbitrarily large compressive stress, G, (>0) would be the
uniaxial compressive strength for the xi direction. However, the tests
in this investigation did not cover the high compressive stress range,
and for concrete the uniaxial strength is significantly less than the
quantity needed in the above formula (see Fig. 3.5). Hence, 0, is to be
determined from the data fit for the biaxial tests, rather than from uni-
axial tests. The behavior in the high compressive stress range is a
subject that requires further investigation.

For some purposes it is more convenient to express the first-
cracking law in terms of stress components for the joint coordinate
system. Let (xj,%9) be the joint coordinates, and (xi,xé) the principal
stress coordinates, as in Fig. 2.2.

The two stress invariants are then represented by the following
equations:

= ' '
011 ¥ 922 =911 T 9
(3.3)

2 - 1 1
911922792 T 911929
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Substituting the first of these in Eq. (3.2) gives

g
| I c -
011 =5 %5 ©Opp * Oy -9
t ¢
Gt (3.4)
v - v
92 TG %05 W13ty t9)
t c
Substituting Egqs. (3.4) in the second of (3.3) gives
0,.C —02 =—-—ﬁ—(c +0,,-0)(0,., +0,,+0) (3.5)
11722 12 2 V11 22 t 11 22 c’ ? *
(0t + cc)

where Oy is the uniaxial tensile strength in the direction of the principal
tensile stress. This strength i1s given by Eq. (3.1), and the angle needed
in (3.1) between the xj direction and the direction of the principal tensile
stress is

20

6 = |2 tan - BT_-Q&_ -90° H(0y; - 0,,) [28(0,,) - 11| , (3.6)
1 22
where
l, x>0
H(x) ={
0, xZ<0

Equations (3.2) and (3.5) apply only to stress states whose prin-
cipal stresses are of opposite sigus. And while they may hold as long as
this condition is satisfied, their validity was checked only for the
special case 037 = 0., The test results and the curve represented by Eq.
(3.5), for 617 = 0, are shown in Fig. 3.9.

Table 3.1 Coefficients of Uniaxial Tensile Strength Quadratic.

Gt(o) l. a b

Batch 5 84.3 0.660 ~0.00924

Batch 6 105.5 0.677 -0.00871
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Table 3.2 Biaxial Failures Stresses (psi) for Batch 6.

g8 0 45 60 70 80
Compr., stress 0 -128 -305 -446 -1023
Orig. tensile stress 109 117 97 55 28
Corrected stress 109 106 91 53 29
Compr. stress 0 -136 -309 ~548
Orig. tensile stress 101 120 99 70

Corrected stress : 101 109 93 68

Table 3.3. Correction of Tensile Stress for Anisotropy

8 r A(psi) S{psi)
0 0 0 0
45 1.00 11.9 11.2
60 3.00 7.8 6.5
70 7.55 2.8 1.9
75 13.9 -0.4 -0.2
80 32.2 . =4.0 -1.3

Table 3.4. Single Response 90% Confidence Intervals

Compr. Stress 0 -200  —400 =600 —~800 -1000
(psi)

Tensile stress 133 115 99 a3 68 54

interval

(psi) 89 73 57 40 22 3
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4. POST-FRACTURE BEHAVIOR

The behavior of masonry following initial fracture is of great
importance for a structure subjected to strong seismic loading. If the
material possesses some ductility and can sustain a sipgnificant part of
its original load following fracture, the chances of survival of the
structure will be greatly improved. Grouting and steel reinforcing will
help to insure the integrity of the material after cracking begins, and
the energy absorbed during ductile deformation can be an important source
of damping.

The description of masonry behavior once cracking begins is, of
course, very difficult, and no well developed theory exists which can
accurately predict this behavior. Some of the complexities are load
drop at first fracture, stiffness degradation, crack closure, and path
dependence. For the case of steel-reinforced masonry, some success has
been had with plasticity models, This success was hoped for, since the
post—fracture behavior is determined largely by the reinforcing steel,
and steel is a material for which the plasticity theory works very well,

4.1 Subsequent Loading Surfaces

The failure surface discussed in the previous chapter comsists
of the stress states at which fracture, and non-linear behavior, commence.
Once the material has fractured, it is convenient to have a similar sur-
face, called a subsequent loading surface, that represents the maximum
load that can be sustained. Stresses below this surface usually cause
little further cracking, and behavior below this surface is generally
linear, though reinforced specimens exhibit a large increase in stiffness
on transition from tensile to compressive loading.

Upon reloading, the stress-strain curve levels off suddenly as it
approaches the loading surface, as shown in Fig. 4.1. The loading surface
may. suffer a sudden drop at the first tensile fracture, as shown with a
different strain scale in Fig. 4.2, and continued deformation associated
with stresses on the surface usually causes further cracking, and can
cause the surface to change.

Determination of this changing surface is clearly a difficult task.
The variety of possible loading paths makes a strictly experimental deter-
mination for all cases nearly impossible. The only chance of success is
to restrict attention to a limited number of cases, and then to combine
experimental results with some understanding of the structure of the
material.

Consider first what occurs as cracking begins, for a uniaxial
stress state, For uniaxial compression the only data available is that
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from prism tests, which are described in Section 3.1. As discussed
in that section, the behavior of running-bond prisms of more than three
courses is expected to correspond closely to that of full-scale masonry.

As shown in Fig. 4.3, the stress-strain curve for a prism com-
pression test has a large linear sec¢tion, then the load continues to
climb a small amount before beginning to drop. The end of the linear
part of the curve is believed to mark the omset of cracking. It is this
stress, then, that represents a point on the initial yield surface. As
deformation continues, this part of the surface expands a small amount,
then begins to contract.

The effect of this cracking on other parts of the surface can
only be surmised. The grout cores are known to remain intact until
well after cracking begins, so the tensile strength probably drops slowly.
Gradual disintegration of the material likely causes strength in the
opposite direction to decrease: Once the face shells have broken off
there can be little strength left across the head joints. Compressive
behavior is probably very similar for reinforced and unreinforced masonry.

For the case of uniaxial tension, the behavior depends strongly
on whether or not the material is reinforced. The load of an unreinforced
specimen drops immediately to zero at the onset of cracking. As shown in
Fig. 4.4, the behavior is linear up to the load drop. A reinforced speci-
men, on the other hand, is able to sustain some load following a sudden
drop in load, as shown in Fig. 4.2.

-This reduced load must be transmitted across the crack by the
reinforcing steel. At the point where the load levels off in Fig. 4.2,
the strain is about 9 X 10~J, while the stress is 50,000 psi. If the
steel, whose total area is 0.61 inz, were strained uniformly, it would
carry a load corresponding to a stress of only 3,000 psi., Hence, its
load is being transmitted to the masonry. Since the load drops by 40
percent at first cracking, either the masonry suffers some debonding, or
the wide steel spacing allows a large section of masonry to remain unloaded.
If there were more reinforcing, the load would be transmitted more effec-
tively, and the drop in load might be nearly eliminated.

As the strain continues to increase, the load graduwally climbs.
Because we were interested in cyclic and reloading behavior, none of the
specimens tested in this investigation were loaded monotonically to large
strain. However, the envelope for the cyclic curves is believed to be
very close to the monotonic curve. As seen in Fig. 4.2, there is an abrupt
change in slope as a reloading curve reaches this envelope. This change
in slope is associated with the continuation of cracking. Hence, an unload-
cycle below this envelope should have little effect on the behavior of the
material, and the envelope should represent the monotonic leoading curve.
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As the strain increases further, the stress is seen to level off.
On Fig. 4.1, the stress corresponding to yield of the 60,000 psi reinforc-
ing steel has been indicated. It is seen that at large strain the load
is just the maximum load that can be sustained by the yielded steel. For
reinforced specimens this large strain produces numerous cracks, as shown
in Fig. 4.5, because of the load transmitted by the steel.

Once the material has cracked, its tensile strength becomes very
direction dependent. While the strength across the crack drops to a
level that depends on the amount of reinforcing steel, the streangth in
the direction parallel to the crack is probably unaffected. Further, the
strength in compression is probably affected little by tensile cracking.
Figure 4.2 shows that as a cracked specimen is compressed, the load
increases sharply, due to the closing of cracks.

Once these cracks have closed, the specimen is probably able to
sustain a load close to its unfractured compressive strength. However,
the extensive cracking associated with large strain of a reinforced
specimen is likely to cause a general reduction in strength.

This completes the discussion of post-fracture strength for uni-
axial stress, except for dependence on crack direction, which was not
studied. So there remains the strength under biaxial loading. Because
such a large variety of biaxial stress states are possible, knowledge of
such behavior is rather sketchy. No tests were conducted under biaxial
tension or compression, so little is known about these cases,

Since the biaxial tests that were conducted all had one princi-
pal stress tensile, the tests of unreinforced specimens ended at first
cracking, for the crack meant that a temnsile load could no longer be
sustained. For the reinforced specimens, the loading was continued well
past first cracking. The loading in these tests was proportional, with
a constant ratio of compressive to tensile stress throughout the test.
Thus, as cracking began and the tensile stress dropped, the compressive
stress was reduced.

Reinforced biaxial tests were conducted at two lay-up angles (as
defined in Section 3.3): 45°, with a compressive to tensile stress ratio
of 1 to 1; and 70°, with a ratio of 7.5 to 1. Figures 4.6 and 4.7 show
the. tensile stress versus the corresponding strain for a specimen of each
type. A comparison of these two cases with the uniaxial case shown in-
Fig. 4.1 reveals two items of importance.

First, while there is a load drop as cracking begins for the two
biaxial cases, the drop is much less than for the uniaxial specimens.
This difference is not well understood, but is likely related to the rather
complex crack pattern occurring in the biaxial tests. The initial ecracks,
marked "1" in Fig. 4.8, fail to cross the specimen completely. Rather,
they consist of several isclated short cracks, so that there remain intact
segments able to carry load.
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These intact segments may survive because at a non-zero lay-up
angle both vertical and horizontal reinforcing steel act to prevent
cracking. That is, a crack may have to cross three or four bars, instead
of just two bars. But this can't be a complete explanation, because the
45° tests show a larger drop than the 70° tests. So it appears that the
absence of a large drop in the tensile load must somehow be related to
the compressive load in the opposite direction.

The other item to be noted is that at large strain the tensile
load has climbed to about the same level (75 psi) for all three cases.
For the 0° case, this level is simply the stress corresponding to the
ultimate load of the two vertical bars of reinforcing steel. The load
approaches this stress quickly, then remains nearly constant.

For the specimens with a lay-up angle different from zero, the
behavior at large strain is more difficult to explain. Tt is seen that
the load climbs more slowly, and appears to be still increasing at the
largest strain achieved. The reason the load climbs more slowly may be
that the steel is able to bend, since it crosses the crack at an angle.
And since the crack must cross more bars for these cases, it may be that
the maximum load will be higher. The increase would amount to a factor
of Y2 for the 45° case.

These tests thus provide some useful results, but rather meager
information for the construction of a post-fracture loading surface.
By making some assumptions, however, the task can be accomplished. It
will be necessary to remember, of course, that a result of such guessing
will be limited accuracy on some parts of the surface. Since there is
no information on biaxial compression, this part of the surface will not
be described.

It is useful to make some idealizations of the data represented
by the loading curves of Figs. 4.1, 4.6, and 4.7. First, the stress will
be assumed to drop with no change in strain at first fracture, to the
same level, 55 psi, for all values of compressive stress. (If the com-
pressive stress is high enough that fracture occurs at a tensile stress
less than 55 psi, there will be no stress drop. It will be assumed that
the material simply hardens at the same rate as in other cases.) Second,
though the stress for the 45° test shows a tendency to climb, it will be
assumed that the stress at large strain is the same, 75 psi, for all
conditions. Finally, it will be assumed that the rate of hardening (the
increase of tensile stress with tensile strain) following fracture is
always 1.5 X 103 psi. Thus, if e is the tensile strain across the crack,
and Uy is the corresponding tenmsile strength, one has

doy "
Frate 1.5 X 107 psi, o, < 75 psi . (4.1)
t
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Though there were some variations in the tensile stresses immed-
iately following fracture, and at large strain, they were small. It
therefore appears that the tensile strength after first fracture must be
independent of the compressive stress, in contrast to the situation
before fracture. But this is a reasonable result, since the strength is
due primarily to the reinforcing steel, which should be little affected
by compression perpendicular to its length.

Once the material has fractured, it is convenient to describe
behavior in terms of a coordinate system aligned with the crack. Let
this coordinate system be unprimed, and let primed coordinates at an
angle 6 represent a hypothetical principal stress orientation (Fig. 4.9).
In the experiments the crack direction was always a principal stress
direction, but it is necessary to be able to consider an arbitrary
stress state.

Let xé be in the tensile direction, and let 0! and Ué represent
the tensile and compressive strengths in the xé and xv directions, It
will be assumed that the linear relation between tensile and compressive
stresses still holds. That is, for a compressive stress Gil’ a point on
the loading surface will have a tensile stress given by

Or'
v 11
o), = 0L {1+ 5t . (4.2)

As noted above, tensile stremgth in the x, direction should be
independent of the compressive stress 0yy. In the above equatiom, this
can be achieved by letting Oé go to infinity when xi coincides with xy.
When © = 90°, so that the compressive direction x{ 1s normal to the
crack, the crack will be closed, so that ¢! and d' should have their
pre-fracture values. Formulas that vary smoothly between these two cases
are

v oo o _ ., 2
Ot Ot + (Ot Gt) sin~ ©
, (4.3)
o
! =
Oc 1=-cos B

where ¢° and OZ are the pre—fracture strengths, and 0y is the post-
fracture tensilé strength described above. Since the compressive stress
cannot be arbitrary, the condition Uil >-—Ug must be added to (4.2).

If (4.2) is rewritten in terms of the unprimed stress components
(as was done in Section 3.3), one obtains for the loading surface
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o! 0,, + 0O
2 _ _ t 11~ %22 '
012 = 911 995 » 5 1+ Gé (011 + Opg = ct), {4.4)
t
l+6'T
c;
where Oé and Oé are given by (4.3), and the magnitude of § is given by Eq.

(3.6).

Equation (4.4) applies in each of the two quadrants in which the
principal stresses are of opposite sign. Data from concrete suggests that
for biaxial tension, the strength in each direction is independent of the
other stress. Hence, each tensile strength should be given by the corres-
ponding value of Ué from (4.3). Biaxial compressive behavior is unknown.

4.2 Stiffness Degradation

The loading surface discussed in Section 4.1 describes the stresses
that fractured masonry can support. Analysis of a structure requires in
addition a knowledge of the displacements associated with stresses both on
and below the loading surface. Behavior of reinforced masonry below the
surface is the subject of this section.

As mentioned in Section 4.1, little further cracking occurs below
the loading surface, so the behavior is generally linear. The stiffness
depends, of course, on the amount of cracking, and hence can decrease
whenever the surface is reached. For the uniaxial tension specimen of
Fig. 4.2, the stiffness decreased to about one sixth its original value
at first cracking, and Fig. 4.1 shows continued decrease at large strain.

Further, the linearity is only approximate, and holds only within
certain regions. TFigure 4.2 shows that crack closure associated with
transition from tensile to compressive stress increases stiffness to nearly
the uncracked level. Therefore, to know the stiffness, one must keep
track of the strain in the direction normal to the crack.

It appears, then, the behavior below the loading surface can be
treated as linear within each of two regions, which are defined by the
condition of crack closure. With the cracks closed, the behavior should
be close to the behavior of uncracked masonry described in Section 2.
With the cracks open, the material becomes highly anisotropic, with
stiffness in the direction normal to the crack dependent on the extent
of cracking. In fact, the cracked specimen becomes a new material whose
properties can be determined by the same sort of analysis employed in
Section 2. The elastic matrix may be more complicated, however, since
material symmetry may be lost (e.g., uniaxial tension applied to a speci-
men with cracks at 45° may produce shear strain).

The complete determination of this changing elastic matrix will
clearly require more data than is available from the experiments of this
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program, but by combining the data that is available with some simple
assumptions, one can produce a matrix that should be accurate enough
to be useful.

Reinforced specimens were unloaded and reloaded at several
tensile strains following initial fracture. (See, for example, Fig.
4.1.) An examination of the slopes of the tensile stress versus tensile
strain paths reveals a gradual decrease in stiffness to a limiting value
of about 3.8 X 104 psi, which is just the stiffness due to the two bars
of reinforcing steel. (This is the value if the steel is perpendicular
to the crack, but the experiments show little variation with crack di-
rection.) This limiting value was reached at approximately the same
tensile strain in each of the three tests for which this data is avail-
able, so it appears that omne should be able to relate stiffness in the
tensile direction to the tensile strain.

In order to complete the elastic matrix, some assumptions must
be made. The first will be that the compressive stress produces about
the same compressive and tensile strains as in the uncracked specimen.
The next assumption concerns shear behavior, and is little more than a
guess. The shear modulus is certain to decrease with cracking, but there
is no data to indicate the rate of decrease, 5o the second assumption
will be that the shear modulus decreases at the same rate as the stiff-
ness in the tensile direction. The final assumption is that the terms
relating shear stress to extensional strains are zero. {(They must be
zero if the crack direction coincides with the reinforcing direction.)

The elastic matrix thus takes the form (in coordinates aligned
with the crack direction).

- _ - =~
€1 1/Dl ~v/D1 0 Oll
€ = -
€5y = \)/Dl 1/gD0 0 Cyp .
e 0 0 1/2gG g
| “12 & 12 (4.5)

where v and G are the moduli of the uncracked material, Dy is a constant,
g is the function of strain that describes the rate of stiffness degrada-
tion, and Dy is the stiffness of the uncracked material in the compression
direction. The denominator of the Poisson's ratio term is taken to be Dy
so that the stress ¢ 1 won't produce a strain e%z larger in magnitude

1
e
than ell'
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The final step is to determine the function g. Tests were con-
ducted on three specimens at different orientations (0°, 45°, and 70°)
and load ratios. If their stiffnesses are plotted versus tensile strain,
one finds curves of similar shapes, but offset in strain. Such an off-
set 1s suggested independently by the following consideration. If a
specimen suffers stiffness degradation at fracture, and is immediately
unloaded, the strain e,, will become negative if the stiffness is small
enough. To prevent such an occurrence, one can require the stiffness
at fracture to have just that value that will yield zero temsile strain
at zero stress. That stiffness then determines, through the function g,
an offset in strain.

The shape of the stiffness degradation curves is about that of
1/222. The constant Dy is needed so that g will have an initial value -
close to one. Hence, let

1.5 X 106 psi ,

D
o

and for small ey let
1
2.3 X 104 (e,, - &)
22

gle,,) = , (4-6)

where § is the offset to be determined by the above procedure, and the

coefficient 2.3 X 10% was chosen by fitting the data. For large e,,,
= 4 3 22

one has gDo 3.8 X 10% psi.

For the three specimens that were tested, one can find the strain
enp at fracture from the known elastic law and the law for first fracture.
This strain is given in the first row of Table 4.1. Since the tensile
stress drops at fracture, one has a new value of U5y, With this new
value, and the calculated value of ejj, Eq. (4.5) then can be solved for
gDy (given in the second row of Table 4.1). Finally, Eq. (4.6) can be
solved for &8, given in the last row of Table 4.1.

Table 4.2 gives the measured stiffnesses for the three specimens,
and in Fig. 4.10 these are plotted versus egy - d. The curve is given by
Eq. (4.6) with § = 0 for small strain, with the constant value 3.8 X 104
psi for large strain, and is seen to represent the data quite well.

4.3 Anelastic Strain

A knowledge of the elastic strain discussed in Section 2 is needed
for one to predict the commencement of fracture. But this strain, and
even the elastic strain associated with the reduced stiffness of the above
section, can be small compared to the anelastic strain. Therefore, a
theory that relates anelastic strain to the state of stress is necessary
in order to predict the response of a structure that has suffered fracture.
Because of the complexity of the behavior of fractured masonry, perfect
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agreement with theory cannot be expected, and only a small number of
cases can be checked, but some success has been achieved for reinforced
masonry.

The first step in forming such a theory is to define anelastic
strain. It is taken to be, simply, the strain that would remain if the.
stress were removed. (For definiteness, the stress path is specified
as a straight line to the origin.) In the theory of plasticity, the
plastic strain is the difference of the total strain, and the strain com-
puted from the stress through the elastic law. But for fractured masonry,
as discussed in the previous section, the elastic behavior can change sub-
stantially as cracking occurs. Hence, it is this modified elastic law
that must be employed in calculating anelastic strain. Since our tests
included several unloading paths, this information on elastic behavior
is available.

With a procedure established for determining the anelastic strains,
one can now look for some pattern that relates these strains to the stress
state. As mentioned earlier, it was hoped that the influence of reinforc-
ing steel would result in behavior close to that of the theory of plas-
ticity. We have seen that the concepts of initial yield surface and sub-
sequent loading surfaces do hold, with some modifications. So the final
step is to see if the anelastic strains can be modeled as plastic strains.

In the theory of plasticity, the anelastic part of the strain is
zero except on the yield or loading surfaces, and on these surfaces is
determined only in direction, with the magnitude left undetermined. This
direction is specified by the flow rule. Our tests have shown essentially
elastic behavior below the loading surfaces, so it remains to find a flow
rule.

Plasticity theories frequently employ an associated flow rule -
one that is derived from the yield surface [ 9]. For many materials the
increment of plastic strain is approximately normal to the yield or load-
ing surface. More specifically, it is the increment of plastic strain
whose inner product with the stress represents work, that is normal to
the surface. Thus, if the surface is expressed in the stress space (Gll’
CPY 012), the vector (degl, degz, 2de§2) is normal to the surface.

As explained above, though, these surfaces have not been completely
determined for masonry. Only a plane section through the initial yield
and loading surfaces has been checked by experiment. However, the part
of the surface where tests were conducted is believed to be given by Eq.
(4.4), so the flow direction was compared to its mormal.

The normal direction is given by the gradient of a function that
is constant on the surface represented by Eq. (4.4), for example f(cij)=0,
where
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The dependence of ¢' and Ué on direction makes derivatives somewhat com—
plicated. However, the normal direction is affected little by this
anisotropy, so 0! and dé were considered constant, giving
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Dividing by the magnitude of the gradient gives a unit vector normal to
the surface.

The anelastic strain increments were determined from plots of
stress versus strain. As shown in Fig. 4.1, lcad was applied and removed
in several steps, which represent convenient strain increments. The
anelastic strain is the change in strain at zero load, which is easily
determined for the tests shown in Fig. 4.1.

As discussed in Section 4.2, the behavior is fairly linear below
the loading surface, and since the applied stresses were proportiomal,
the loading and unloading curves are fairly straight. Thus, for tests
that did not return all the way to zero load, the strain can be deter-
mined quite accurately by extrapolation.

The flow direction was calculated at several strains for a rein-
forced specimen at each of the three lay-up angles tested. Because the
loading system was capable of applying only direct stresses, there was
no way to determine the flow direction for the important case of shear
stress on the crack plane. And since loading was proportional, for each
specimen only a single point on the surface was investigated. For this
point, the normal direction from Eq. (4.8) is simply (0,1,0).
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The angles between this normal and the increments of plastic
strain are given in Table 4.3. Though agreement is not perfect, the
normal is seen to give a good indication of flow direction. Thus, the
loading surface given by Eq., (4.4), along with the flow rule (4.8),
comprise a plasticity model that should give a fair representation of
the behavior of reinforced masonry.

4.4 Stress Rate-Total Strain Rate lLaw

The results of preceding sections define a model of post-fracture
behavior, but for computations it is useful to have a set of equations
that relate the rate of change of stress to the rate of change of total
strain. These equations will be more complicated than those of standard
plasticity because of the changing elastic moduli.

For convenience, let stress and strain components be identified
by a single subscript:

_ -~ _ _
oy ] 911 & ey |
Oy = | 922 > ) Y

| 93] | 912 ] | €3] | ©12 ]

Let e, be the tensile strain normal to the crack, and let C (ez) be the
changing elastic moduli (from Eq, (4.5)):

Dl gle .
2 Do ol 2
1-gv D B—-g\)
1 0
c,. (e)) =
ij 2
813’0
0
D
0
1-gv .
1
sym.
L 286 _|

Let f be the loading function (Eq. (4.7)), let rate of change be indi-
cated by a dot, and let the derivative with respect O, be indicated by
a comma followed by i, Then the equations that describe behavior on
the loading surface are
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f(oi, e2) =0 o (4.9)
e, = ei + eg (4.10)
oy = Cij(ez)e§ (4.11)
ef = M (4.12)

where A is a changing parameter to be determined.

Take the derivative of (4.11) and use the derivative of (4.10),
and (4.12):

Or,

dc, |
. i 2 4 s 4 .
Ui d62 ej k2 ek Cij ej Cij Af,j R {(4.13)

where 5k2 is the Kronecker delta. From (4.9):

L Y. )
O=f=f,0;7% de, 2 8

Multiply (4.13) by f ; and use the above equation:
Y

dc
of . 96y e . .
" B, 82 & = de, Fiey St 0yt 8= Cy M EE s
Solve for A:

A=A e

where
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Putting this expression in (4.13) gives

dc, .

U IR & | e ~
% I:dez s 8ot Gy = Gy
which is the desired result. The

Eq. (4.8), and
o, +0 ag!
1+ L2 1- %
af c c
= 1
Bez 0; 2 . +<SE
l+'07 ag!
[

3 Ak] &

(4.14)

(4.15)

partial derivatives f ; are given in
s

- ! -
(cl + 62 dt) o]

1

t

N

As an example of the application of this relation, consider a

loading pregram for which o5 = 0 {(no shear stress on the crack plane
, and from (4.3), Oé

after fracture).
Equation (4.8) thus gives

Thus € =

¢] ''= g
, SO Gt

t

f,l = 0
f’2 = Gt - Ul
f,3 =0 .
Hence, from (4.14),
dC
2] : of
de. Foes T 0yt tyg
2 2
Ay = 2 ’
C £
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and if 0, = 0, é, should be small, then from (4.15),

1

do
&, ==t &

27 de, 2

where th/de is given by Eq. (4.1). The loading path represented by
this result, together with several unloading paths from (4.5), are shown
in Fig. 4.11. It compares well with the experimental result of Fig. 4.1.

Table 4.1, Strain Offsets for Stiffness Curve

=0,1/9,, “ 0 1 7.5
(ey)) .. X 10° 0.50 0.93 1.30
g0, (10%ps1) 1.08 0.65 0.77
§ x 10° -0.10 ~0.07 0.45

Table 4.2. Measured Stiffnesses

-011/022 =Q
4
ey, X 10 1.8 3.5 9 19 28
stiffness (10%psi) 20.0 12.6 7.4 4.9 4.0
=071/05, =1
e.. X 10% 1.6 4.0 2.0
22 . - .
stiffness (104 psi) 64 16.8 4.0
4
ey, X 10 3.5 8.0 15 25

stiffness (104 psi) 18.8 8.7 6.0 3.9
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Table 4.3. Angle between Plastic Strain Increment
and Normal to Loading Surface.

8 Stress Ratio Tensile Strain X 104 Angle
7 4°
0° 0 13 1°
20 7°
1.6 11°
4 40°
45° 1.0 ‘ 20 28°
70 4°
3.6 16°
8 30°
70° 7.5 22 30°
60 36°

5. SUMMARY

The behavior before cracking is seen to be quite linear, and its
complete description is given by the elastic matrix, which shows sub-
stantial anisotropy. The conditions for initial cracking show much less
anisotropy, and are kmown with quite good accuracy. Statistical methods
give the variation in strength that can be expected. The cases of bi~-
axial tension and compression need to be studied.

The behavior following cracking is very complex, but for re-
inforced masonry a plasticity model gives good results. The reduced
strength and stiffness are seen to depend in a simple way on the tensile
strain and amount of steel, and plastic strains show fair agreement with
theory. This agreement needs to be checked at several more stress states.
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SEISMIC BEHAVIOR OF MASONRY PIERS

By McNiven, H.D., and Mayes, R.L.

ABSTRACT: The program of research on the seismic behavior of masonry
piexrs at the FTarthquake Engineering Research Center. The University of
California, Berkeley started in 1972 and has continued since that date.
This paper is a survey and report on this total program. Almost all of
the research that has been completed has already been described in
detail in a number of reports issued by the Center, and so that part of
the report will be covered briefly. The bulk of the report will be
devoted to what we plan to do in the immediate future.
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SEISMIC BEHAVIOR OF MASONRY PIERS

By Hugh D. McNiven®' and Ronald I. Maye82

¥

INTRODUCTICN

The masonry research program wasg initiated at the Earthquake Engin-
eering Research Center, University of California, Berkeley, in September
1972. There have been no interruptions to the program since that date.
The program has been devoted to a study of the behavior of masonry
elements subjected to cyclic lateral loads. The program began with a
study of seventeen in-plane shear tests on double-piered test specimens.
These tests were followed by an extensive series on single piers. The
program on gsingle piers will continue but with a new test set up. This
report coincides closely with the beginning of the new series. Eventually
we plan to conduct a number of tests on spandrel girders.,

Even though this report will cover the complete history of the pro-
gram, the part of it that has been completed will be covered briefly.
This is because the test program to date has been reported in detail in a
number of reports from the Center.

We will discuss the new test set up, how it differs from the old,
and how it opens up a wide range of test conditions. Considerable atten-
tion will be devoted to our future plans and what we will be attempting
to accomplish.

OBJECTIVE

The object of the program is to try to improve the behavior of
masonyy when it is subjected to seismic loads. By improve we mean to
enhance the ability of masonry to undergo large deformation without
failure and to improve its ability to absorb energy. We will discuss in
the body of the paper how we measure these abilities.

The behavior of a masonry pier depends first of all on its mode of
failure. The first step in the study of a particular pier 1s to identify

this mode.

Because most failures in past earthguakes have been characterized by
diagonal cracks, many research programs have concentrated on this tvpe of
failure mechanism. Test techniques used by Blume, Greenley and Cattaneo,
and others, induce diagonal tension or shear mode of failure. Scrivener,
Meli, Williams, and Priestly and Bridgeman recognize that there are two
possible modes of failure for cantilever piers. In addition to the sghear
or diagonal tension mode of failure, they recognize that for certain

lprofessor of Engineering Science University of California, Berkeley

Zassistant Research Engineer, Farthquake Engineering Research
Center, University of California, Berkeley, and Principal, Computech,
Berkeley, U.S.A,



pilers, a flexural failure could occur. This mechanism is characterized
by yielding of the tension steel of the wall, followed by a secondary
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compressive failure at the toe, with associated buckling of the reinforce-

ment once confinement is lost.

When the mode of failure is identified along with its cause, improve-
ment in behavior will be treated differently for each of the two modes.
These improvements will be discussed in the body of the paper.

TEST SET UP

After an extensive review of the literature dealing with earthquake
resistance of masonry, it was concluded that exterior wall panels pene-
trated by numerous window openings (Fig. 1) were the components of multi-
story masonry buildings most frequently damaged in earthqguakes, and it
was decided to make an experimental study of the seismic behavior of such
compcnents. A testing fixture was designed to subject typical full-scale
window piers to combined static vertical {gravity) and cyclic lateral
(seismic) loads (Fig. 2)., The test eguipment permits lateral loads to be
applied in the plane of the piers, using displacement controlled actuators
with a maximum capacity of 450 kips. A vertical load may be applied to
the piers through the springs and rollers shown above the spandrel beam
in Fig. 2. The double pier tests were carried out with initial bearing
stresses varying from zero to 500 psi.

With this load applied we next were able to impose a horizontal dis-
placement at the top of the wall, while the bottom remained fixed. This
displacement was applied by means of an actuator eguipped with a load cell
to record the load necessary to realize the displacement. The displace-
ment was applied cyclically with a frequency of 0.02 H; so that inertial
effects are minimal. The amplitudes of displacement were imposed in
groups of three and were increased montonically until the wall could no
longer resist the horizontal load. We also followed the ability of the
wall to sustain horizontal lcoad after damage began and increased; that is
after the horizontal resistance began to diminish.

The data resulting from a serles of tests on a particular pier were
plotted as horizontal resisting force vs horizontal displacement so that
a hysteresis loop was formed for each cycle of loading. The complete
data for a test would take the form of a series of hysteresis loops. A
typical array of loops ig shown in Figure 3. For reasons that will be
shown later, a line representing the envelope of the complete array of
hysteresis loops, proves to be extremely useful. A number of such envel-
opes is shown in Figure 4.

These double pier tests were successful because the specimen used
reproduced faithfully the conditions in a highrise building. Each speci-
men however proved to be prohibitively expensgive both in terms of time
to build and test and in cost. Because of this, the decision was made to
continue the program using single pier specimens. These could be tested
for a fraction of the cost of the double pier specimens.

The test set up for the single piers is shown in Figure 5. The fig-
ure shows that rotation of the pier at the top is prevented by vertical
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steel members connecting boundary beams at the top and bottom.

Just recently we have changed the test setup in a significant way.
The vertical rotation constrainers have been replaced by actuators. These
actuators can be used to impose a specified vertical load on the pier,
cach exerting the same downward force. Superimposed on these forces are
additional equal and opposite forces which impose a moment at the top
resulting in a rotation. These vertical actuators are coupled by means
of a servo-mechanism to the horizontal actuators which impose the hori-
zontal displacements at the top of the pier. As the horizontal displace-
ment changes, the force in the horizontal actuators changes, and in turn
the forces in the vertical actuators change and change by whatever amount
we choosa.

TEST RESULTS

The basic product obtained from the tests was the hysteresis loops
diagram, which is a plot of the lateral load against the lateral displace-
ment of the piers. The strength and deformation properties, the stiff-
ness degradation and the energy dissipation characteristics of the piers
can be obtained from the hysteresis loops. The following sections present
some of the results obtained during this investigation. In particular,
the modes of failure observed, the ultimate lateral lcad strengths asso-
ciated with them and a discussion of the inelastic behavior of the pilers,
as affected by the different parameters, are presented.

MODES OF FAILURE

Two principal modes of failure were observed during the series of
tests, a flexural and shear mode of failure, Sliding modes of failures
associated with either flexural or shear cracks were also observed in the
piers with height to width ratio of 0.5.

A flexural mode of failure was obtained in two of the HCBL-21, double
pier test specimens. The mode was identified as-.flexural in the following
way. The specimens only had horizontal cracks at the top and bottom
sections and the ultimate strength of the pier was controlled by the
tensile yielding strength of the vertical reinforcement. The final mech-
anism of failure was due to crushing at the compressive toe of the pier.

Eighty percent of the piers exhibited a shear mode of failure. This
mode was characterized by early flexural cracks at the toes of the pier
which were later augumented by diagonal cracks that extended through a
partial zone of the pier. As the horizontal load increased, large diag-
onal cracks (x-cracks) formed when the diagonal tensile stress in the
pier reached the tensile strength capacity of the masonry. Some of the
single piers with height to width ratio of 2 or 1 exhibited yielding in
the vertical reinforcement before the occurrence of the major diagonal
cracks. However, as the vertical compressive load induced by the single
pier test setup increased, the flexural moment capacity of the pier sec-
tions also increased while the tension vertical reinforcement continued
to yield. This effect allowed the lateral load on the pier to increase
until the diagonal tensile stress reached the tensile strength of the
masonry and a shear failure developed.
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Ten of the piers with a height to width ratio of 0,5 developed a
sliding mode of failure along paths determined by previous cracks, In
five of the piers sliding occurred along the bottom section of the pier
and was prompted by flexural cracks developed along that section. In
the other five piers, the final failure mechanism included a combination
of shear cracks and sliding along a path determined by these diagonal
cracks and the top section of the pier, (a bell-shape path). In most of
the piers exhibiting a sliding mechanism of failure, maior diagonal
cracks had developed before the final failure was attained.

ULTIMATE STRENGTH

The ultimate lateral load strength of each pier is determined by the
lesser of the lateral load capacities associated with each of the modes
of failure. The ultimate strength associated with the two sliding modes
of failures described above proved to be quite similar to that obtained
with the shear mode of failure. Therefore, the following discussion will
be restricted to the flexural and the shear modes of failure.

The "flexural lateral load capacity"”, (lateral load capacity associ-
ated with flexural mode of failure), is a function of the tensile yield
strength of the vertical reinforcement, the applied axial load and the
dimensions of the pier. The methods suggested to predict the flexural
lateral load capacity of a pier are similar and reasonably accurate, and
are based on methods commonly used for reinforced concrete flexural
elements. If all of the tension steel is assumed to be yielding, and
the moment of the resultant of compressive forces around the extreme
compression fiber is neglected, the moment capacity of a section under
an axial compressive force N is given by

d
M=ZA , f 4, +N= (1)
si y i 2
where di is the distance between the vertical reinforcing bar with area
Agi and the extreme compressive fiber, d is the width of the pier and fy
is the yield strength of the vertical reinforcement. If M, and My denote
the moment capacity of the bottom and top sections of a pier of height h,
the flexural lateral load capacity of a pier fixed against rotation at
both top and bottom sections is

1
P=E(Mt+Mb) (2)

The "shear lateral load capacity", (lateral load capacity associated
with the shear mode of failure), may be defined at two levels. The
"shear crack strength" is defined as the lateral load required to produce
the first major diagonal crack; the "ultimate shear strength” is the max-
imum lateral load developed by the piers. In the case of the piers with
height to width ratios of 2 or 1, both quantities are the same. 1In the
case of the squat piers, (height to width ratio of 0.5), the lateral load
continued to increase after the occurrence of the first major diagonal
crack because the compression toe of the pier was wide enough to carry a
significant shear. Increased amounts of cracking finally produced the
failure of the pier at ultimate loads that exceeded the shear crack
strength by percentages varying from 5% (CBRC piers), to 11% (HCBR piers},
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to 67% (HCBL piers). In what follows, an effort to predict the shear
crack strength of the piers, using the experimental data obtained
throughout the test program, is presented.

Concurrent with the erection of the fully grouted piers, prisms and
sguare panels were constructed using the same mortar, grout and masonry
units. The prisms were one block or brick wide, had the same thickness
as the piers and a height five times the thickness. The square panels
had the same thickness as the piers and the panel dimension was either
32 in. (HCBL) or 36 in, {HCBR and CBRC). The prisms were tested in uni-
axial compression and the panels in diagonal compression. These were
performed during tests of corresponding piers. Table 1 presents the
results of the prism compressive strengths £}, the panel critical tensile
strengths OR., as formulated by Blume, the pier strength associated with
the occurrence of the first major diagonal crack Tg, and the pier crit-
ical tensile strxength O¢cr. The pier critical tensile stress was com-—
puted at the neutral axis of the pier sections, following the simple
beam theory for a section under combined flexure, shear and axial force;
a parabolic distribution of shear stresses over the cross section was
assumed.

From the ratios of Table 1 it is clear that prediction of the shear
crack strength of the piers is better defined by the prism strength /?z
than by the critical tensile strength ch of the square panels, This
is somewhat surprising in that the sguare panel test is considered to be
more sophisticated than the prism test since it induces a diagonal tension
failure similar to that observed in the piers.

We found that the shear crack strength increases as the squatness of
the piers increases and there is an increase in the shear crack strength
as both the amount of horizontal reinforcement and the axial compressive
stress increase. On the other hand, there appears to be nc significant
influence of the type of masonry construction on the ratio TS/Vfﬁ .

INELASTIC BEHAVIOR OF PIERS

Flexural mode of failure -- The inelastic characteristics obtained
with the two double piers that displayed a flexural mode of failure, are
quite desirable and similar to the behavior of an elasto-plastic material.
The use of plates in the mortar joints of one of the specimens signifi-
cantly improves the deformation capability of the pier.

Shear mode of failure -- The inelastic characteristics of piers ex-
hibiting a shear mode of failure are discussed in connection with two of
the parameters used in the test program: the amount of horizontal rein-
forcement and the type of grouting., In addition to these two variables,
it is important to report that more desirable inelastic behavior was
obtained with the more squat piers when compared to the behavior of the
piers with height to width ratio of 2 or 1. Both the strength and defor-
mation capacity of the piers with height to width ratio of 0.5 increased
after the ocourrence of the first major diagonal crack, whereas for the
more slender piers significant strength degradation developed right after
the formation of the diagonal cracks.



TABLE J. PREDICTION OF SHEAR CRACK STRENGTH FOR FULLY GROUTZD PIERS

i vertical Horizoneal orizm Squara P.u}el Pisr Shear|Fier Axial Pla- cz.?'.ts,caﬂ T
ceel Steel Compresaive Crit.’!ansxla Zrack sStress at . Tansile rer El
. Re.nforcemant Remfor:emqt Stxength Ugtre:;:;:l;) irr?;:‘c;\ Sgga:p:;“‘ S;:enq:h O:C

Specimen (%) () E;‘ {ps1) ter ¥ < tor T
HOBL-21-1 0.98 - 2432 320 144 - 67 186 0.58 | 2.92
-3 0.44 | - 2254 137 152 + 68 284 0.78 | 3.20
-5 2,98 - 2892 80 114 +145 258 0.92 | 2.24
-7 9.98 0.52 2803 326 226 + 37 189 1.10 | 4.27
-3 G.38 - 2319 244 164 =292 140 7.57 3.27
HOBL-11-1 - - 1130 124 135 -120 151 1.22 | 3.70
-3 Q.17 - 1833 137 134 - &9 170 1.24 ] 3.13
-4 6.17 0.08 1833 137 171 -107 209 1.1 | 3.99
-5 0.17 0.34 1833 135 226 -144 275 2.08 | S.28
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In general, the test results show a positive influence of the hori-
zontal reinforcement on the inelastic behavior of the piers. Increasing
amounts of horizontal reinforcement improve the crack patterns, increase
the ultimate strength of the piers and increase their deformation capac-
ity. However, there is not a consistent relationship between the amount
of reinforcement and amount of improvement obtained. &alsc, there appears
to be no influence of the horizontal reinforcement on the rate of strength
degradation of the plers after the ultimate strength has been attained.
This favorable influence of the reinforcement on the pier behavior holds
for the HCBL and HCBR piers, but is quite minimal for the double wythe,
grouted core, clay brick piers (CBRC).

With respect to the influence of the type of grouting, partially
grouted HCBL piers have a slightly better inelastic behavior than the
corresponding fully grouted piers, if net area stresses are used in the
comparison. However, in the case of the HCBR piers, the inelastic behav-
ifor of the partially grouted piers is definitively less desirable than
that of the fully grouted piers; the deformation capability of the par-
tially grouted HCBR piers is reduced, the strength degradation bhecomes
very sharp and the ultimate strength based on net area gtresses is always
smaller than that of the corresponding fully grouted piers.

FUTURE RESEARCH

Our plans for the future make sense only in the context of the whole
program, particularly the immediate past. We begin by tracing out the
reasons for the modification of the test setup, as much of our Ffuture
depends on this change.

During the program of research on the single pier specimens we
observed that the great bulk of the piers were failing in shear as the
result of predominantly diagonal cracking. We had learned from the work
of Priestley that these are advantages in having piers fail in flexure,
but we were producing very few such failures. When we examined the
response data carefully we found the reason.

The vertical load at the beginning of a test could be a chosen,
nominal amount but when horizontal displacements began the vertical load
increased and the greater the horizontal displacement, the greater the
additional, superimposed vertical load. When failure began the vertical
load was usually very large inducing a shear type of failure. We real-
ized that the test results we had were valuable but only for the somewhat
restricted case when the vertical load is large,

Further examination showed that the additional vertical load is applied
to the pier by the two vertical members used to constrain the ends against
rotation. During horizontal displacement, the constraining members that
are originally wvertical are forced to take up sloping configurations
making each become the hypotenuse of a right angled triangle in which the
other two sides are the original vertical length and the horizontal dis-
placement. This forced elongation imposes large tension forces on the
steel members which has to be balanced by a large compression force on
the pier. As we desire much more flexibility in the variety of vertical
loads, we realized that we would have to redesign our test setup so that
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the total vertical load, whatever, c¢ould be held constant during the
full extent of the test. The actual field condtions would then be re-
produced.

The solution to the problem came when we realized that the vertical
"constrainers" should not impose a strain on the pier, rather each should
impose a force. Each vertical member should be replaced by an actuator.

The advantages of this new setup are even greater than we had orig-
inally thought. As we have noted previously, use of actuators allows us
to maintain zero rotation (or any specified) at the ends of the piers
and hold the vertical load constant for the duration of a test. In the
future we hope to extend the test program on single piers by exploiting
the test ability. We have conducted only one geries of tests with the
new test setup but already we realize its importance. First, we tested
a pier for which the vertical load was relatively light. The pier
exhibited a flexural failure, and by allowing the vertical tension rein-
forcing to yield, the hysteresis envelope demonstrated that before fail~
ure the pier had undergone a large horizontal deflection.

In another phase of this first series a pier was tested when subjected
to a large vertical force. This was carried out because it duplicated
several tests with the old test setup, and we wanted a comparison of
behaviors. The comparison is very revealing. The new test gave a hys-
teresis envelope that after reaching the maximum horizontal load, dropped
off very sharply. You will recall from Figure 4 that under the old test
setup the envelope dropped off slowly as the horizontal displacement
increased. We cannot draw definitive conclusions on the basis of one
test, but we can speculate on the cause of the difference. We identify
the difference by tracing through what we think occurred with the old
test setup. In that setup we think that when the maximum horizontal
load was reached and diagonal cracking began there occurred a vertical
settling of the pier which relieved part of the vertical load. This
lowering of the vertical load is confirmed by the response data. Fuorther
increase in the horizontal deflection iz followed by an increase in the
extent of the diagonal crack, further relieving the vertical load and so
on. This would account for the gradual reduction in the horizontal resis-
tance of the pier. This would not be an inherent property of the pier
but of the old test setup. This throws suspicion on the envelopes
obtained with the old test setup beyond the maximum herizontal load.

This by no means invalidates all of our previous findings, only that
particular part.

There is another aspect of testing that we propose that is not a con-
sequence of the test setup. This program has to do with the pattern we
use for applying horizontal displacements. Instead of steadly increasing
the amplitude of displacement to failure, we would increase the amplitude,
then decrease it, then increase it again, etc. and so achieve a pattern
that would be much closer to a realistic earthguake input. We are anxious
to find what various shapes the response loops will take with this new
type of input.

Earlier in the paper we described the factors that influence the
response of masonry to seismic forces. Many of these: the type of
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masonry, the geometry of a pier, etc, may be beyond the control of the
engineer. Without guestion the most single significant contribution to
the behavior of a pier is the use of steel reinforcing, It is recognition
of this that leads us tc believe that we can now enter a phase where we
not only observe behavior but can to a large extent control it by judi-
cious design of the reinforcing.

To get an insight into the best way to use reinforcing we recognize
the simularities and the differences between masonry and concrete. For
the similarities we can benefit from design practice in reinforced
concrete, for the differences we are on our own.

Masonry and concrete are similar in their weaknesses: both are
brittle and are weak in tension. Masonry is different from concrete in
that reinforcing can only be placed in two perpendicular directions and
in itself it does not provide anchorage.

Further, the treatment that we envision is very much dependent on
whether the mode of failure for the pier is flexure or shear. With the
new test setup we can, by prescribing the vertical load and holding it
constant, dictate whether the mode of failure for a given pier will be
flexure or shear,

First we consider how we might improve the response of a pier which
tends to fail in flexure. We must review what we mean by "“improving the
response". By this we mean increasing the ductility of the pier, which
in terms of the hysteresis envelope means that we should extend the
capability of the pier to maintain the maximum (or close to the maximum)
horizontal load resistance through a large horizontal deflection, which
would result in a hysteresis envelope rises to the maximum load and then
extends horizontally through a large deflection. We plan to improve this
behavior by means of a reexamination of the vertical reinforcing. If the
masonry elements exhibit sizeable cavities, the vertical reinforcing can
be grouted adequately so that anchorage should be no problem. Our feel-
ing is that by decreasing the size of the reinforcing bars, rather than
increasing them, we would force these bars to yield, without any cracking
of the masonry, which should increase the global ductile behavior. Con-
currently we may have to reinforce the compression toe against crushing.

Using reinforcing to improve & pier's behavior when the failure is
due to shear is another matter. As most of the piers already tested have
failed in shear we have a clear picture of the problem.

When a pier, whose failure is shear, beginsg to lose its capacity to
resist horizontal load a diagonal crack forms, and the horizontal load
could only be maintained if the integrity of the total pier could be
maintained, which until now we have not been able to achieve. We have
learned from reinforced concrete that the most effective wav to maintain
integrity after cracking would ke to use stirrups, which for our piers would
be horizontal reinforcing. Even though we realize the form of the improve-
ment, we have been unable to use horizontal reinforcing as an equivalent
stirrup. The reason is that we have been unable to provide anchorage for
the horizontal bars. They must be in the mortar between the coarses of
masonry, and the mortar cannot by itself provide anchorage. Realizing
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this we have subsequently bent the horizontal bars around the vertical
reinforcing. The horizontal bars inhibit the opening up of the diagonal
crack very little, because again the anchorage is lost, this time because
the bent bars straighten out.

There seem to us to be two possible solutions, both of which we will
experiment with in future programs, The first is to apply a thread to
each end of a horizontal bar and use a bearing plate and nut at each end
with possible welding to provide anchorage.

The second idea is to use vertical reinforcing bars throughout the
complete width of the pier. A vertical bar has the advantage of being
adequately anchored but the disadvantage of being lessg effective as a
stirrup than a horizontal bar. It is less effective as it crosses a
diagonal crack at a more obligue angle than horizontal bars. Vertical
bars have been used effectively by Priestley but under modest shear
conditions.

We don't know how all this will turn out, none of our speculations
may be correct but the experiments that we plan in order to test our
ideas are bound to throw further light on how we can improve the seismic
behavior of masonry piers.






AN EVALUATION OF MASONRY ANCHOR BOLTS FOR SEISMIC APPLICATIONS

By Brown, Russell H., and Williams, Steve

ABSTRACT: A review of the applications of anchor bolts as connection
devices in masonry construction is presented. The need for research
concerning the cylic performance of such ambedments is summarized.

An experimental research project which is presently underway is
described. The goals of the project will be threefold: determine
the strength of anchor bolts in masonry subjected to cyclic axial
forces and shear forces acting simultaneously; develop mathematical
models which can be used to predict the behavior of anchor bolts in
masonry using rational engineering principles; and develop design
recammendations for anchor bolts in masonry structures in high wind
and earthquake zones, considering simultaneous axial and shear forces.
Variables to be oonsidered are bolt size, spacing, proximity to edges,
proximity to other bolts, mortar type, masonry unit type, and wall
reinforcing. It is anticipated that design procedures developed will
permit rational design of anchor bolts in masonry.
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AN EVALUATION OF MASONRY ANCHOR BOLTS FOR SEISMIC APPLICATIONS

By Russell H. Brc:wnl and Steve WilliamS2

INTRODUCTION

The use of masonry bearing wall structural systems for high-rise
frameless buildings has increased considerably since rational design
procedures were first written into specifications for both brick (1)
and concrete masonry (2) construction. The resistance of such structures
to lateral forces induced by wind or earthquake has been the subject of
considerable attention in recent years. Because of the dependence of
the structural system on the diaphragm action of both the floors and the
walls, comnections are of prime importance.

There are numerous flocor-wall connection references in the litera-
ture detailing the connection of floors made of wood, precast concrete, &
cast-in-place concrete to various types of masonry walls. Many of these
recammended connections between floor systems and masonry walls require
the use of anchor bolts, A thorough search of the literature reveals,
however, little information relating to the strength of anchor bolts in
masonry, especially those subjected to the type of forces which might
be induced by earthquakes. In short, today's designer has access to
rational design procedures for most masonry structural elements but
virtually no information regarding the rational design of simple em—
bedments.

A research project was therefore proposed (3) to provide information
on cyclic strength and behavior of anchor bolts in masonry. The project
was funded by the National Science Foundation and began in July, 1979.

1Assoc. Prof. of Civil Engrg., Clemson University,

Clemson, South Carclina.

2Grad. student in Civil Engrg., Clemson University,
Clemson, South Carolina.

3Nmnerals in parentheses refer to correspording items in the

Appendix TI. - References.



OBJECTIVES
The objectives of the proposed research program are threefold:

1) To determine the strength of anchor bolts in masonry
subjected to cyclic axial forces and shear forces
acting simultaneously.

2} To develop mathematical models which can be used to
predict the behavior of anchor bolts in masonry using
rational engineering principles,

3) To develop design recommendations for anchor bolts
in masonry structures in high wind and earthquake
zones, considering simultaneous axial and shear forces.

FUIURE OBJECTIVES

The test series on anchor bolts is viewed by the principal investi-
gator as the first of several series of tests of masonry connections
and connectors. With the equipment and expertise resulting from the
current research, future testing of all types of floor-wall connections
and connection devices can be dene with considerably more speed and
econamy .

BACKGROUND

Types of Anchor Bolts

There are three configurations of anchor bolts which are commonly
used in both masonry and concrete construction: the "J" bolt, the
straight hexagonal head bolt, and the expansion bolt. The "J" bolt has
been used in masonry structures for many years and can be found in re-
camended connection details in some very old publications. Usage of
the "J" bolt seems to be on the decline, especially as an anchorage
device in concrete. However, it is still used in sufficient quantity
in new construction to warrant a thorough investigation into its per-
formance. Also, since it has been used for so long, there are numerous
existing structures which used the "J" bolt which may require reevalua-
tion.

The use of straight bolts with standard hexagonal heads has became
more commonplace in concrete technology. The TVA (4) considers this
bolt configuration satisfactory for cast-in-place concrete. It is
generally regarded as a superior bolt to the "J" configuration.

The expansion type anchor bolt has many cbviocus benefits, most
notably that it can be embedded in existing walls. This versatility
makes the expansion bolt popular in new construction and essential in
retrofit construction.

4=3



All three types of anchor holts can presently be found in numerous
structures, This project will concern itself primarily with the "J"
bolt configuration. It is hoped that future research will focus on
the other configqurations.

Applications of Anchor Bolts in Masonry

As mentioned previously, many floor-wall connections can be found in
the literature (5, 6, 7). Those connections which involve cast-in-place
concrete generally use reinforcing rods and do not require anchor bolts
(Fig. 1). There is a large group of recommended connections in which the
primary load transfer device is the anchor bolt. Generally, bolted con-
nections are used to connect wood or prefabrlcated floors or roofs to
masonry walls. A shelf angle or wood ledger is attached to the wall with
embedded anchor bolts (Fig. 2,3). The floor element bears on the angle
or ledger and is sometimes topped with concrete giving additional con-
tinuity (Fig. 4). These anchor bolts are subjected to the action of
both axial and shear forces. The floor in a loadbearing masonry struc-—
ture serves as a diaphragm transferring forces due to wind or earth-
quake to the shear wall through horizontal shear in the anchor bolts,
Grav1ty loads are transferred directly to walls through vertical shear
in the anchor bolts.

Axial forces in the plane of the floor systems are transferred
directly as axial forces in the anchor bolts. Tensile forces applied
to the clip angle or ledger are transferred to the masonry wall as
direct axial tensile forces in the bolts. Campressive forces are trans-
ferred in bearing between the angle or the ledger and the wall only if
they are in contact.

Pyle (8) has proposed a new connection system which permits the
attachment of conventional flat plate floor slabs to single wythe ex-
terior masonry walls. The system uses concrete columns but uses masonry
walls for lateral force resistance. The walls can also be used to carry
gravity loads at the free edge of the slab or to control deflection.

The system uses a shear key and an embedded anchorage device (Fig. 5).
It eliminates the expense associated with spandrel beams and steel ledger

angles.

Borchelt (9) recommends the use of anchor bolts to support connec-
tion devices in prefabricated masonry panels. In such applications, the
anchor bolt resists primarily shear forces produced from either gravity
or lateral loads. Anchor bolts are also commonly used as lifting devices
in prefabricated brick masonry construction. In lifting applications,
the anchor bolt is primarily a tension-resisting device.

Docurentation of Masonry Anchor Bolt Performance

There has been some criticism of the performance of anchor bolts
during previous earthquakes. Meehan (10) notes "innumerable" examples
of poor performance during earthquakes of bolts cast in masonry. He
cites the need for such information as effect of bolt size, embedment,
head type, and edge distance on the strength of embedments.
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Amrhein (1l) also cites the need to cbtain information on capacity
of anchor bolts and other connection devices under both static and
dynamic conditions. '

The Applied Technology Council (12) states: "One of the major ha-
zards from buildings during an earthquake is the pulling away of heavy
masonry or concrete walls fram the floors or roofs., While requirements
for the anchorage to prevent this separation have been common in highly-
seismic areas, they have been minimal or non-existent in most parts of
the country...observations of earthquake damage indicate that (provision
of minimal anchorage) can greatly increase the earthquake resistance of
buildings..." Indications seem to point toward more stringent require-—
ments for anchor bolts in seismic areas in the future.

Published Research on Masonry Anchor Bolts

Only two papers could be located which reported on research of
anchor bolts in masonry walls., Green and Horner (13) described a test
program to evaluate the shear resistance of wooden blocks bolted to
masonry and of steel angles bolted to masonry. Loads were applied slowly
and without reversals. The authors somehow drew conclusions as to the
suitability of such connections in earthquake construction without per—
forming any load reversals whatsoever. They determined that the follow-
ing factors affected the adequacy of such bolted connections:

1) Size, strength and spacing of anchor bolts.

2) Quality of mortar.

3) Type of masonry.

4) Movement of the anchor bolt under the design loads,
5) Quality of workmanship.

The authors pointed out in their conclusions the necessity for perform-
ing further tests to corroborate and supplement the results they obtained.

Schneider (14) conducted an extensive masonry research program, part
of which considered the shear strength of bolts embedded in grout and in
mortar. He embedded pairs of bolts at three different levels in a ten-
course brick wall, twenty-cne feet in length and eight inches in width.
Each pair of bolts was subjected to a static transverse shear force.
Deflection readings were taken and plotted with shear force. Three
possible failure modes were observed during the testing: crushing of
the brick, shearing of the bolt, or permanent distortion of the bolt.

The loads were corresponded to deflections of 0.1 in. were approximately
fifty percent of the ultimate load in each case.

It appears that the allowable values for shear forces on bolts pub-
lished in the Brick Institute of America B.I.A. Standard (1) and the
Uniform Building Code (15) are in agreement with Schneider's test results.
These allowable shear forces roughly correspond to twenty percent of
the force observed at a 0.1 in. deflection by Schneider's tests.
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Published Research on Concrete Anchor Bolts

The paucity of published research pertaining to the subject of
anchor bolts in masonry led the authors to seek similar research results
on anchor bolts in concrete. Much has been done in this area, and it
should be noted that the material cited below is only a sample of the
work published. Though some fundamental differences are expected to
exist between the two materials, the brittle nature of masonry and con-
crete should produce comparable hehavior.

A comprehensive research program has been undertaken by the
Tennessee Valley Authority (4, 16, 17) in cooperation with the University
of Tennessee (18). The TVA is concerned with anchor bolts as connection
devices in nuclear power plant construction in regions of high seismic
activity. Their research has led, in part, to design procedures recam-
mended by the American Concrete Institute (19).

Richard (20) tested anchor bolts set in mortar in large holes
drilled in existing concrete. Bolts of 1 in. diameter were grouted into
holes of 2-1/2 in. diameter using a non-expansive mortar grout. Bolts
were loaded axially and the load and failure mode observed. The re-
quired length of embedment to force failure of the bolt rather than the
concrete was determined. Richard also studied group effects. Tests in
which the bolts did not develop their full strength demonstrated a
failure mode in which a somewhat conical portion of the concrete sur-—
rounding the bolt pulled ocut of the wall.

Adams (21) described pull-out tests made with exapansion bolt

“anchors in concrete. He found that the depth of a hole into which the

anchors were embedded should be at least four times the diameter of the
bolt, and that the distance from the hole to the edge or the corner of
the concrete should be two or three times the depth of the hole.

ILee (22) suggested inprovements in the design of foundation bolting
for heavy machinery. He found that shock loads would be better resisted
if bond between the shank of the bolt and surrounding concrete were
destroyed and anchorage provided only at the end of the bolt. He recom-
mended the use of reinforcing to aid the concrete in resisting bursting
stresses that resulted.

Background Sunmary

In sumary, the literature reveals the frequent use of anchor bolts
in masonry connections with very little research data to justify the
practice. The research published concerning anchor bolts in concrete
provides incomplete insight into the problem of anchor bolts in masonry.
There appears to be a total absence of information concerning the effect
of load reversals on the strength and behavior of anchor bolts in masonry.
No tests of embedments in masonry considered simultanecus action of axial
and shear forces. If anchor bolts are to be used as primary structural
connections in masonry structures in earthquake regions, information con-
cerning simultanecus application of shear and axial force on anchor bolts
must be obtained.
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RESEARCH PIAN

General Cbjectives

The experimental research program is designed to measure the
strength of anchor bolts in masonry subjected to cyclic axial and trans-
verse loading. Through the variation of many parameters, the variables
which affect this strength will be established. Deformations will be
measured to establish the ductility of anchor bolt comnections. Failure
modes will be observed for all tests to facilitate the development of
accurate mathematical models and subsequent design improvements.

Test Specimen

All test specimens will be two-wythe camposite brick-concrete block
grouted walls of 14 in. nominal thickness. Walls will be approximately
40 in. high and 40 in. long (Fig. 6). The minimum reinforcing required
by the Uniform Building Code (14) will be provided in most walls except
those where the parameter being studied is wall reinforcement. Bolts
will be placed in bedjoints with the bend projecting dowrward into the
grouted cavity (Fig. 7).

Walls will be constructed by experienced masons using inspected
workmanship. Walls will cure at least 28 days in laboratory air prior
to testing. Fmbedded bolts will be mild steel in either a "J" configura-
tion or a straight hexagonal. The end of the bolt not embedded will be
provided with threads to facilitate attachment to the steel angle used
to transfer the leads (Fig. 7). Joint reinforcement will be provided in
alternate concrete masonry courses. Reinforcing bars will be used to
provide steel required by the Uniform Building Code (15).

A composite brick-block grouted wall was selected for the study for
three reasons: 1) both brick and block can be evaluated fram a single
wall, 2) the wall provides sufficient thickness for at least a four-inch
embedment of the bolts, and 3) a grouted wall permits the study of the
effect of grout in the cavity on the strength of the bolts.

Instrumentation

The instrumentation used throughout the experimental program will
include load cells, strain gages, and displacement transducers. Load
cells will be used to monitor the force applied to the bolts being tested.
Cells will be arranged in series with the hydraulic actuators and will be
monitored at frequent intervals.

Strain gages will be attached to the anchor bolts at the wall sur-
face (Fig, 7). Tie wires and joint reinforcement in the vicinity of
the test bolt will be equipped with strain gages to determine their role
in anchor bolt behavior. Strains will be monitored at frequent intervals.

Linear Variable Differential Transformers (IVDT) will be used to
measure the deformation of the free end of the bolts relative to the wa_tll
(Fig. 7). Three transducers will be used at each bolt location to moni-
tor the three deflection camponents. Output from LVDI's will be monitored
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at frequent intervals.

An X~Y Plotter will be used to continuously monitor load and axial
bolt deflection. This plot will provide the equipment operator with a
general idea of the performance of the test specimen during the test.

Test Program Variables

The variables to the considered in the test program are loading,
bolt size, bolt spacing, bolt position, mortar type, masonry unit type,
and wall reinforcing. A brief description of these variables follows:

1) Loading - Bolts will be subjected to various cambinations
of shear and tension cyclic forces. A pair of independent
locad actuators will be attached to the anchor bolts as shown
in Fig. 6. Independent control of the two actuators will
permit any desired combination of shear and tension. Axial
conpression forces will not be applied to the bolts since,
in the opinion of the authors, such forces would produce
minimal effect.

Shear forces will be applied either parallel to
or perpendicular to the masonry bedjoints. This will be
accomplished by orienting the wall test specimen in the
frame with the bedjoints in either a horizontal or verti-
cal position.

The rate of loading will be much slower than
the natural frequency of the system, and therefore will be
considered static. Walls will be subjected to a compressive
stress level of 0 to 10% of the masonry compressive prism
strength. It is anticipated that axial campression will
increase bolt strength.

2) Bolt Size -~ Bolt diameters of 3/8 in., 1/2 in., 3/4 in., and
1 in. will be tested. It is not expected that each diameter
of bolt will be subjected to every possible test.

3) Bolt Spacing - In order to establish the sphere of influence
of adjacent bolts, two bolts will be tested simultaneocusly
at various gpacings. Values of spacing of between 5 and 30
bolt diameters will be used initially. Preliminary test
results will establish the best range of bolt spacing to
pemmit the evaluation of sphere of influence of bolts.

4) Bolt Position -~ Bolts will be placed at three different levels
in a test wall. This procedure will result in multiple tests
from a single wall and reduce the number of walls required.
The effect of proximity of bolts to wall edge can also be
studied in this manner.

5) Mortar Type - Most of the tests will be performed using Type S
mortar. However, additional tests will be performed using
Type M mortar to determine the effect of the type of mortar
on the performance of the anchor bolts.
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6) Masonry Unit Type - Only one type of brick and one type of
concrete block will be used in the testing program. The
brick will have a camwpressive strength of approximately
15,000 psi and initial rate of absorption of approximately
20 grams per 30 square inches. The concrete block will be
6 in. x 8 in. x 16 in. light-weight aggregate 4 hour fire
rates. All brick and concrete block will be obtained fram
a single plant run to eliminate, as much as possible,
variations in the properties of the masonry units.

7) Wall Reinforcement - All walls will be reinforced suffi-
ciently to comply with requirements of the Uniform
Building Code (15). However, one series of tests will
be performed on unreinforced walls using one bolt dia-
meter and one mortar type to establish the effect of
reinforcing.

Table 1 and 2 give an indication of the overall test program, a total of
58 bolts {or bolt pairs). Some variation in the program is expected
pending results of initial series.

Load Histories

Axial and shear loads will be applied independently using separate
loading actuators. The shear force will be cycled in both directions,
increasing the load magnitude (Fig. 8). Axial tension forces will be
applied in a similar fashion, however, without reversal (Fig. 9).

Inading Systems

The loading will be applied to the specimens using a closed-loop
servo-controlled hydraulic system. The authors have inspected several
systems and are presently writing specifications for the system to be
purchased. Independent loading capability of the shear and axial forces
will require two separate closed-loop systems. Presently it is antici-
pated that the system will operate from displacement feedback, rather than
load control. Actuators will be equipped with internal displacement
transducers to provide the feedback signal.

DEVELOPMENT OF A MATHEMATICAL MODEL

The development of a mathematical model for predicting failure
strengths as a function of all relevant variables is an essential goal
of the research project. Prior to the completion of the experimental
phase, the authors can only surmise that the mathematical modeling
procedure presently used for concrete anchor bolts can be adapted to
masonry. Therefore, the authors have investigated the techniques pre-
sently used in concrete technology.

The proposed addition to the ACI Code (19) assumes a conical failure
mechanism and permits a stress of 4 Jf' on the projected area. Studies by
TVA (17) appear to indicate that the € ACI model predicts failure with
reasonble accuracy. The ACT model also considers overlapping cones and
proximity to edges for both shear and tension forces.
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It is anticipated that the failure mechanisms of anchor bolts in
masonry will be similar to those in concrete. The angle of the failure
cone may be different, and shapes other than cones may result fram shear
failures between mortar and masonry units. Ideally, the concepts will
be similar, with only minor modifications to reflect differences between
concrete and masonry. A successful mathematical model for predicting
the strength of anchor bolts in masonry should be capable of considering
the following variables:

1) Magnitude of tension force

2)' Magnitude of shear force

3) Interactive effects of combined tension and shear forces
4) Effect of cycling of applied forces

5) Direction of shear force relative to bedjoints

6) Proximity of anchor bolt to joint reinforcing

7) Strength of masonxy

8) Diameter of anchor bolt

9) Fmbedment depth of anchor bolt
10) Proximity of anchor bolt to free edges
11) Proximity of anchor bolt to other anchor bolts

12) Type of bolt configuration ("J" vs. hexagonal head)
13) Amount of preconpression in the wall

The mathematical models that will eventually evolve will be campared
to the test data using statistical principles. The factors of safety
will be statistically analyzed to determine the probability of over-

estimating the actual strength of an anchor bolt with the mathematical
model.
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CONCLUSIONS

The need for research on embedded bolts in masonry has been clearly
demonstrated, and procedures for implementing this research have been
set forth. The direction of the remainder of the project will focus
on the actual testing of the individual specimens, and the development
of mathematical models and suggested design procedures.

The ultimate purpose of projects such as these, of course, should
be to help educate the design engineer. With this purpose in mind,
it is intended that the results will eventually enable designers to
make rational and informed decisions regarding the design of anchor
bolts in masonry.
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Table 1 - Basic Test Series

Mark Angle o** Bolt Diameter Bolt Spacing Mortar Type
*

A0-3-50-35 0° 3/8"**x 0 S
Al15-3-50-S 15 3/8" %k 0 S
A45-3-50-S 45 3/8" xxx 0 S
A75-3-50-S 75 378" *** 0 )
A90-3-50-5 90 3/81*x* 0 S
AQ-4-S0-5 0 1721 %%x 0 )
Al5-4.50-S 15 1/2"*** 0 S
Ad5-4-50-S 45 1/2"*x% 0 S
A75-4-50-S 75 1/2"**x% 0 S
A90-4-50-5 90 1/2"%*x* 0 S
A0-6-50-S 0 3/4" 0 S
Al5-6-50-S 15 3/4" 0 S
A5-6-50-S 45 3/4" 0 S
A75-6-50-S 75 3/4" 0 S
A90-6-50-S 90 3/4" 0 S
AQ-8-50-S 0 1" 0 S
A15-8-S0-~S 15 1" 0 S
A45-8-50-5 45 1" Q S
A75-8-50-S 75 1 0 S
A90-8-30-S 90 1" 0 S

* Series A refers to tests performed with shear parallel to bed joints.
Series B refers to tests performed with shear perpendicular to bed joints.
See Table 2 for Explanation of test designations.

** o = tan~l (TENSION + SHEAR)

*** This series will be performed on both "J" bolts and Straight Standard
Hexagonal Head Bolts.
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Table 2 - Additional Test Series

Mark Angle o ** Bolt Diameter Bolt Spacing Mortar Type
A90-3-510-5* 90° 3/8" 10 S
A90-3-55-S 90 : 3/8" 5 S
A90-4-510-§ 90 172" 10 S
A90-4-55-5 90 : i/2" 5 S
A90-6-510-5 90 : 3/4" 10 S
A98-6-55-S 90 3/4" 5 S
A0-3-S0-M 0 3/8" 0 M
B0-3-50-M 0 3/8" 0 M
A15-3-50-M 15 3/8" 0 M
Ad5-3-50-M - 45 3/8" 0 M
B45-3-50-M 45 3/8" 0 M
A75-3-50-M 75 3/8" 0 M
A90-3-50-M 90 3/8" 0 M
*Legend

Al5 - 3 -510 - S

\ L Mortar type S

10 bolt diameter spacing between bolts
SO designation implies a single bolt

Bolt diameter = 3/8 in.

a = 15°
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Figure 9. Ioading Histories (Tension)
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A FINITE ELEMENT MODEL TC PREDICT INTER-LAMINAR
SHEARING STRESSES IN COMPOSITE MASONRY

By Subhash C. Anandl and David T. Young2

ABSTRACT

Masonry has been a part of our construction process for a long
time; however, until recently its uses have not taken advantage of its
inherent structural capabilities. Of particular interest are the load
bearing characteristics of brick-block composite masonry walls and their
behavior under certain load conditions. The small amount of experimental
and analytical research performed on composite masonry has not offered
insight into the understanding of interlaminar shearing stresses in the
collar joint that are created by the interaction between the two wythes
of masonry. Determination of these stresses is quite important for the
safe and econcomic design of composite masonry structures.

A two dimensional composite element is developed in this study
that is capable of predicting the out-of-plane interlaminar shearing
stresses between the brick and block wythes without using a three-
dimensional finite element model. This composite element is utilized
in two-dimensional analyses of some composite masonry walls subjected
to in-plane loads that are in a plane-strain condition. The results
of these analyses are compared with those using the plane-strain
finite element models. These comparisons indicate that the two-
dimensional composite element models predict interlaminar shearing
stresses din the collar joint that are in good agreement with those
obtained from the plane-strain models.

Although the composite element is initially developed for only
elastic conditions in an unreinforced collar joint without any con-
sideration to fracture and failure, these criteria can be easily in-
corporated in the proposed model.

lProf. of Civil Engrg., Clemson Univ., Clemson, S.C. 29631.

2Design Engineer, Piedmont Engineers and Architects, Greenville,
S.C., formerly, Grad. student, Dept, of Civil Engrg., Clemson Univ.
Clemson, S.C. 29631,



A FINITE ELEMENT MODEL TO PREDICT INTER-~-LAMINAR
SHEARING STRESSES IN COMPOSITE MASONRY

By Subhash C. Anandl and David T. Young2

INTRODUCTION

Economical and efficient construction utilizing brick masonry and
concrete masontry walls as structural components of a tetal structural
system has prompted a rapid increase in interest in taking advantage
of the structural capabilities of masonry. Coinciding with this in-
crease in interest has been an increase Iin research and testing of the
structural capabilities of both brick masonry and concrete masontry.
This research has led to the development of more rational design pro-
cedures as opposed to the previously empirical design methods. As a
result, there now exist engineered masonry design standards for the
structural design and construction of brick masonry (6)3 and concrete
masonry {(16), developed from research performed on masonry consisting
of only brick or concrete block (6,8,17,19-21), On the other hand,
there exists no thorough design standard for structural members com-
posed of both brick and concrete masonry. Most standards (3,4.6,16)
have included provisions for the design of such composite members, but
the design is not based on experimental or analytical research data
since very little experimentation or research with composite masonry
has been performed. Since a considerable portion of all nonresiden-—
tial masonry construction is composite, it seems reasonable to exXpect
the emergence of a complete design standard for composite masonry.
However, thus far the research in this area has been little more than
prism and compression wall testing, and little information is avail-
able concerning the flexural or shear strength of composite masonry.
Thus, for a material that is widely used in construction, further ex-
perimental and analytical research is urgently needed for the develop-
ment of a design and construction standard.

Composite masonry walls are usually constructed of a single wythe
of brick and a single wythe of concrete block with a collar joint
(filled cavity) between the two. ILf the cavity remains hollow, as
shown in Fig. 1 (a), the design standards develcped for each material
are applicable. However, when the cavity between the two wythes is
parged or grouted and connected by metal ties as shown in Fig. 1 (b),
the two wythes are bonded together and they react as a single unit.
This composite unit maintains some of the properties that govern each

lProf. of Civil Engrg., Clemson Univ., Clemson, S.C. 29631.

2Design Engineer, Piedmont Engineers and Architects, Greenville,
§.C., formerly, Grad. student, Dept. of Civil Engrg., Clemson Univ.
Clemson, S.C. 29631.

3Numerals in parentheses refer to corresponding items in the
Appendix I... References.
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of its components and at the same time acquires its own set of charac-
teristics which must be investigated and documented. One particular
topic that needs special attention is the interaction of the two
wythes under internal stresses and external loads. More specifically
of concern are the shearing stresses created in the collar joint as a
result of this interaction. Because these inter-laminar shearing
stresses can be shown to have substantial magnitude, their effects
must be understood before they can be incorporated into a design
standard.

Currently available literature offers little insight into inter-
laminar shearing stresses in a collar joint. As the analysis of a
composite masonry wall is a complicated three dimensional problem
due to non-uniform loading and possible wall openings, a numerical
technique such as the finite element method can be utilized to a
great advantage. 1In an effort to further simplyfy these analyses, a
two dimensional finite element model is proposed to obtain a sclution
to the three dimensional problem. In this initial phase of the model
development, the materials are assumed to behave linearly and the
collar joint is considered unreinforced.

Previous Research

A joint research study was conducted by the Brick Institute of
America (BIA) and the National Concrete Masonry Association (NCMA) in
an effort to provide sufficient technical data to develop a standard
for the engineering design of composite masonry (18). The first
phase involved the construction and testing of compressive prisms and
the second phase compression testing of thirty long composite wall
columns. Plans were made for additicnal testing in the areas of
flexural and diagonal tension, but were never carried out. No men~
tion was made in these studies of shearing stresses in the collar
joint., Fattal and Cattaneco (7) reported research on the testing of
prisms and walls of various constituents (including composite masonry)
subjected to compressive and flexural loading. Examination of fail-
ures of composite walls tested under vertical compression did not
reveal any separation of the interface between the brick and the
block. All specimens were reinforced with truss-type reinforcing.
Again, no mention was made of shear stresses in the collar joint.
Grimm and Fowler (10) recognized and investigated the structural
effects of differential movements in composite masonry. The long
term net volume increase in brick due to moisture expansion and the
shrinkage of concrete masonry upon drying can result in the develop-
ment of shear stresses in a collar joint of a composite masonry wall.
The substantial magnitude of these shearing stresses is magnified by
the occurrence of reversible thermal expansion and contraction and
creep in each wythe of highly different rates. Elementary mechanics
principles were used to calculate the differential movement and re-—
sulting interface shearing stresses from the phenomenon mentioned
above. It is important to note that these shearing stresses occur
before the application of any loads.

All of the research mentioned above (7,10,18) dealt in total or
in part with composite masonry behavior. However, only one paper (10)
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was concerned with shearing stresses in the collar joint and that also
at an elementary level dealing with stresses due to moisture, creep,
and thermal effects. 1In the aerospace industry, on the other hand,
recognition of inter-laminar shear deformation in laminated £ibrous
composites has generated much interest in the development of analyti-
cal methods that can account for this phenomenon (14,15). Some of
these techniques can be adopted for the study of shearing stresses in
composite masonry. The research in these two references involved the
application of the finite element method to the case of generalized
plane stress. A composite element was developed which was composed

of homogeneous membranes with orthotropic properties separated by iso-
tropic layers of finite thickness that could develop only inter-
laminar shearing stresses. The development of the stiffness matrix for
the composite element was also presented. Results of the finite ele-
ment solution that were presented included the distribution of normal
stresses in the membranes and shearing stresses in the inter-laminar
region. These results were in reasonable agreement with those pre-
dicted by an analytical technigue.

Current Research and Practice

There is no evidence of any research being conducted at present
with respect to composite masonry and more specifically concerning
shearing stresses in the cecllar joint.

The engineered brick masonry standard (6) contains the allowance
for composite wall design based on the allowable stresses of the weak-
est constituent. Even though use of the full wall thickness is
allowed, and requirements are specified for bonding with metal ties,
ne consideration is given to the differential movement and resulting
shearing stresses at the collar joint. Similar composite masonry waill
design guidelines are provided in other standards (4,16). The American
Concrete Institute has issued a code for concrete masonry (3) that
differs from other codes in that it recommends the use of the trans-
formed section concept for flexural and axial design of composite
masonry walls., However, there is no criteria governing shearing
stresses in the collar joint.

Related Research

Some results of research on non-composite masonry are available
that may be of assistance in the analysis of composite masonry. Con-—
stitutive relationships and failure criteria for concrete masenry
subjected to biaxial stresses have been developed by Hegemier et al.
(11,12,13). Flaws at the interface of the grout and the concrete
block cell walls were detected {11). This phenomenon may be similar
to delamination of the collar joint in a composite masonry wall,
Effects of nonlinear deformation and post-fracture behavior were also
investigated. Arya and Hegemier (5) applied the finite element tech-
nique to analyze the non-linear responsa of concrete masonry and pre-
and post-fracture behavior of joints and interfaces in a concrete
masonry assemblage. The analysis alsc investigated masonry cracking
and the effects of reinforcing steel. Page (17) dealt with brick



masonry walls subjected to in-plane loading and developed a finite
element model that accounted for the nonlinear behavior of masonry that
was considered as a two phase material. The masonry was modelled as
elastic brick elements set in an inelastic mortar matrix. Failure
occurred in the joints if a prescribed tensile or shear bond stress was
exceeded.

Grimm (9) recognized the importance of metal ties and anchors to
the structural integrity of masonry walls, and presented a rational
analysis for the design of wall anchorage and connection systems based
on the physical and chemiceal properties of metal ties and anchors.
Grimm and Fowler (10) found that differential movement between wythes
of a cavity wall can result in significant bending moments in the
metal ties connecting the wythes. A guide to masonry reinforecing (1)
describes reinforcing and tie systems often used in masonry construc-
tion.

PROBLEM DEFINITION

The three major sources of shearing stresses between wythes in a
composite wall are: (1) differential movement of dissimilar wythes of
masonry due to thermal and curing effects; (2) implane loads applied
on one wythe only or a load differential across the wythes; and (3)
flexural shearing stresses caused by out-of-plane loading. The effects
of differential movements in composite masonry walls due to thermal and
curing effects have been investigated by Grimm and Fowler (10). The
flexural shearing stresses that result from out-of-plane loading such
as lateral wind loads are felt to be negligible. Shearing stresses
caused by in-plane loads applied on one wythe only or by a greater
load on one wythe than on the other are felt to be the most signifi-
cant and are considered in this study.

The load transfer mechanism into a composite masonry wall in many
types of construction is shown in Figs. 2 (a) and 2 (b). 1In Fig.
(2) b, the floor slab rests on the interior (block) wythe of the com-
posite wall, and the vertical in-plane dead and live loads are trans-
ferred from the floor directly intoc the inner concrete block wythe.
Some percentage of these loads is gradually transferred to the outer
brick wythe through shear stresses in the collar joint. 1In Fig. 2 (a),
in-plane lateral loads {(wind load} are transferred to the floor slab
by the transverse wall. These horizontal loads are transferred from
the floor slab to the inner wythe, and some of these loads are further
transferred to the outer wythe through shear stresses in the collar
joint. Each loading condition reiterates the importance of under-
standing the existence and magnitudes of these inter-laminar shearing
stresses. If the resulting shearing stresses are large enough to
cause a loss of bond between the collar joint and either wythe, the
wall could become underdesigned. Presently, the mechanism of load
transfer from one wythe to the other and the magnitudes of the accom-
panying shearing stresses in the collar joint are not known. The
inter-laminar shearing stresses that result from the types of loading
mentioned earlier are shown in Fig. 3.
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SOLUTION PROCEDURE

The finite element technique for the calculation of inter-laminar
shearing stresses in fibrous composites, as used in aerospace industry
(14,15), will be employed in this study to understand the behavior of
composite masonry walls. The finite element method, in general, is
well known (23) and no attempts are made here to explain it in detail
except some steps as to how this technique can be applied for the
analysis of a composite masonry wall. In particular, the development
of the element stiffness matrix for a composite element consisting of
the two wythe faces and the collar joint is presented.

Stiffness Matrix of a Composite Element

The analysis of a collar joint in a composite wall requires not
only the in-plane stiffness for each wythe, but also the interactive
or shearing stiffness of the collar joint. Thus, the element might be
thought of as "three-dimensional' since the interaction between the
two wythes across the collar joint is out of the plane of each wall.
An example of such conditions is shown in Fig. 4 for a composite wall.
Formulation of a composite element stiffness is accomplished by first
developing the in-plane stiffness representing each of the masonry
wythes, then developing the shearing stiffness representing the collar
joint, and finally combining these stiffnesses for the total composite
element stiffness. Fach phase of this development is explained in
detail in the following sections.

The following assumptions have been made in the development of
the stiffness matrix for a composite element. (1) All materials are
considered to be homogeneous. (2) Displacements are assumed to vary
linearly between the nodal points in the finite element model to in-
sure displacement continuity between the elements. (3) Out-of-plane
bending effects are neglected in the development of the model, (4)
The collar joint as well as the twé wythes are assumed to be unrein-
forced.

Stiffness Matrix of a Wythe Element

Determination of stresses and displacements in the wythes due to
in-plane loads can be accomplished by the standard plane stress finite
element analysis. The governing matrix equation relating forces and
displacements in an element is given by

{P} = [k]{u} (1)

where {P} is a column matrix of force-components in the x and y di-
rections at the nodes of an element, [k] is the in-plane stiffness
matrix for an element, and {u} represents the corresponding displace-
ment components at the nodes. A more detailed development of the in-
plane stiffness matrix may be found in standard finite element texts
(23). Quadrilateral elements, each consisting of four triangular
elements, were utilized in subdividing the wythe faces into a finite
element mesh. As each node has two degrees of freedom, Eq. 1 yields
an 8 x 8 stiffness matrix, [k}, for each element.
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Stiffness Matrix of a Collar Joint Element

The collar joint element stiffness provides the interaction be-
tween the two plane stress elements representing the masonry wythes.
The three parts of a compesite element are shown in Fig. 4 with the
wythe element stiffnesses for the front wythe [k¢] and the back wythe
[kb] having been developed in the previcus section. As in the pre-
viously reported research (14,15), the collar jeint material is assumed
to provide only a shearing stiffness, i.e., a resistance to shear de-
formation only. Shear deformation of the collar joint element is
shown in Fig. 5 and is composed of displacements in the x and y direc-—
tions. Since these displacements are at the nodes of the plane-stress
grids and vary linearly in the plane of each grid, the stiffness pro-
perties of the inter~laminar shear elements are also based on a linear
displacement field in the x - y plane. Thus, the shear strains in the
collar joint shear element may be written in terms of the nodal dis-
placements as

Ju

Yox = 3% = (ui+uj+uk+ul—um-—un-uo-up)/4t (2)
= v _ Yy —v -y -
Yoy = 52 (vi+vj+vk+vl AR A Vp)/ét (3)

in which u and v are displacements in the x and y directions, respec-
tively; subscripts refer to specific nodes, and t = thickness of the
collar jeint. From these equations, it is evident that the inter-
laminar shear strain is computed from the centroidal values of dis-
placements of the two wythes. Thus, the shear resisting medium may

be regarded as a shear segment connecting the centroids of the two
wythe elements facing one another. It should be noted that the finite
element grids on the front and back wythes are of exactly the same
size and dimension.

The strain-displacement relations can be derived from Eqs. 7 and

3 as
Y
{ zx}= [B] {u} (%)
Yzy _
in which. matrix [B], relating displacements to strains, can be de~
fined by
[B] = 1110101010-10-10-10-10 (5)
4t |01 0101010-10-10-10-1
and .
{ul = [uyvy ujvj........upvp] . (6)

Stress-strain relations in shear may be written as

{sz} . 10 {sz} ’ 7)
sz Slo ‘Yzy

where Gy is the shear modulus, which yields the material property
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matrix, [D], as

) =, [59] | ®)

As in the case of the in-plane stiffness matrix for an element, the

force~displacement relations for the collar joint shear element may be
given by Eq. 1, in which the element stiffness matrix [k] is defined as

k1 = [B]T [DI[B] ta . (9)

A in Eq. 9 is the area of the wythe element.

Carrying out the matrix multiplication above leads to the collar
joint shearing element stiffness matrix

- -

1
0 1
10 1
0 1 0 1
1010 1
601 010 1 SYMMETRIC
1010010 1
] - SA1 0 101 01 0 1
sh! 16t |-1 0-1 0-1 0-1 0-1
0-1 0-1 0-1 0-1 0-1
1 0-1 0-1L 0-1 0-1 0 -1
0-1 0-1 0-1 0-1 0-1 0-1
-1 0-1 0-1 0-1 0~-1 0-1 0-1
0-1 0-1 0-1 0-1 0-1 0-1 0-1
1 0-1 0-1 0-1 0-1 0-1 0-1 0 -1
| 6-1 0-1 0-1 0-1 0-1 0-1 0-1 0 -1]

Total Element Stiffness Matrix

The element shown previously in Fig. 4 is the composite element
representing the combination of both wythe plane stress elements and
the collar joint shear element. The analysis of the total composite
problem requires the superposition of the two 8 x 8 wythe element
stiffness matrices and the 16 x 16 collar joint shear element stiff-
ness matrix., The superposition of the three stiffness matrices re-
sults in a 16 x 16 composite element stiffness matrix which is given
by

k1 [0]

8x8 8x8 + [ksh] (11)
[0 Tk 16x16

8x8 8x8

in which [kf] and [ky] are the plane stress stiffness matrices of the
front and back wythes, respectively; and [ksh] is the shear stifiness
matrix of the collar joint. It is worth noting the fact that the
wythe stiffness matrices are coupled with each other through the col-
lar joint shear stiffness matrix, and otherwise react independently.

(10)
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Thus, if the collar joint were not grouted and were left hollow, as in
a cavity wall, the unloaded wythe element would not receive any of the
load that acts on the loaded wythe.

Calculation of Displacements, Stresses and Strains

Using the stiffness matrix of a composite element developed in the
previous section, the stiffness matrix for a finite element model of
the total structure can be assembled by the standard methods leading to
the equilibrium equations which are solved for the nodal point displace-
ments. It should be noted that quadrilateral elements composed of four
triangular sub-elements have been employed in this study. The strains
within the plane stress elements are first calculated for the four tri-
angular sub-elements, and the corresponding strains in the quadrilat-
eral element are obtained as an average of those in the sub-elements.
Shearing strains in each element across the collar joint are calculated
by using the shearing element strain-displacement matrix [B] given in
Eq. 5. 1In-plane stresses in the wythe elements are calculated from in-
plane strains by using the plane-stress, stress—strain transformation
matrix given in standard texts (23). Shearing stresses in the collar
joint elements, on the other hand, are calculated from the correspond-
ing strains by the stress-strain matrix, [D], given in Eq. 8.

DEVELOPMENT AND VERIFICATION OF THE LONGITUDINAL MODEL

The general objective of this study is to develop a two-dimen-
sional model that will provide accurate analysis of a composite wall
subjected to in-plane loads and account for shearing stresses in the
collar joint. A composite element stiffness matrix has been developed
in the previous section. In order to analyze a wall, it must be re-
presented as an assemblage of these composite elements arranged in a
plane. The resulting finite element model of the wall will be denoted
as the longitudinal model in the subsequent discussion.

In specific, it is desired to understand the load transfer mecha-
nism between the two wythes through the existence of the shearing
stiffness that leads to the inter—laminar shearing stresses across the
collar joint. As the cross-section of the composite wall and the in-
plane loading acting on it is primarily non-symmetric, certain out-of-
plane deformations occur which cannot be included in the longitudinal
model. To assess their importance, a wall subjected to an in-plane
eccentric load along its whole length is also analyzed by using a
plane-strain finite element model through the wall cross-section. This
model will be denoted as the transverse model and is 'composed of plane-
strain quadrilateral elements which have the same dimensions in the
vertical direction as those in the longitudinal model.

Material Properties, Dimensions and Loads

All analyses are conducted on walls composed of masonry and grout
possessing the typical dimensions and material properties shown in
Table 1. Modulus of elasticity, E_, for the masonry is computed by (6)

E, = 1000 £} (12)
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where f' is the typical compressive strength of masonry assemblages
using type M or S mortar. Poisson's ratio, v, is determined from the
shear modulus, EV, which may be given as

= L
Ev = 400 fm . (13)
Table 1. Material Properties of Composite Masonry Walls
1
Masonry Type fm Em EV v
(psi) (psi) (psi)
4" Brick 1600 1,600,000 640,000 0.25
8" Solid Concrete Block 1800 1,800,000 720,000 0.25
8" Hollow Concrete Block 1800 1,800,000 720,000 0.25
Grout 2000 2,550,000 1,062,500 0.20

Formulas for determining the modular values for grout are dif-
ferent from those given in Eqs. 12 and 13 for masonry units (6,16). A
compressive strength, f&, of 2000 psi is representative of the range
of values assumed for grout materials. Likewise, a value of 0.20 is
representative of the generally accepted range of values for Poisson's
ratioc. A good approximation for the modulus of elasticity based on
compressive strength may be given by (16)

E_ = 57000 VE' (14)
in m
from which the shear modulus, E, . can be easily calculated.

In most composite masonry wall construction, the collar joint is
either 2" thick and grouted or 3/8" thick and parged. Because the
effects of the shearing stresses in the collar joint would be magni-
fied in a 2" joint, the initial investigations are performed on a com-
posite wall with a 2" joint thickness. Since composite wall action is
evident only after the floor slab loads are applied, the loading
utilized in this study is derived from a typical structural system
having a 20 foot slab span supported on one end by a composite wall.
For a live load of 100 psf and a slab thickness of 6 inches, the uni-
form load on the wall approximates to 2 kips per foot.

Phase 1 - Investigation of Composite Element Behavior

Evaluation of Collar Joint

The first phase of model development is concerned with the evalua-
tion of the composite element behavior as assembled in a longitudinal
grid. To assist in this evaluation, certain constraints are imposed on
the transverse model to conform its behavior more closely to the longi-
tudinal model.

Grids are initially chosen as shown in Fig. 6 that represent a 12
inch length of a short wall of arbitrary height. Both wythes are selec-
ted arbitrarily of 8" solid concrete block to eliminate any effects re-

sulting from dissimilar wythes. Longitudinal constraints are imposed
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at the ends of the longitudinal model to approximate the plane strain
conditions that exist in the transverse model. Boundary conditions at
the base of the transverse model are represented by rollers. Lateral
constraints are placed along one exterior face of the transverse model
to inhibit deformation due to bending but still permitting horizontal
movement due to Poisson's effects. Normal stresses in both wythes and
shearing stresses in the collar joint for the coarse mesh in a trans-
verse model are shown in Fig. 7. It is obvious from Fig. 7 (b} that
most of the load transfer across the collar joint occurs near the top
of the wall.

To better evaluate the shearing stresses in the collar joint
created by this loading, a more refined grid as shown in Fig. 8 is
utilized. Vertical normal stresses in the two wythes and shearing
stresses in the collar joint for the unrefined and refined models are
compared in Fig. 7 (a) and 7 (b), respectively. The results of the
refined grid show a better correlation between wythe normal stresses
and load intensity and also yield a smeoother transition from increasing
to decreasing shearing stresses.

Wythe Element Deformation in the Transverse Model. Utilizing the
refined grids, both the longitudinal and transverse models are evalu-
ated. The results for wythe normal stresses and collar joint shearing
stresses shown in Figs. 9(a) and 9 (b), respectively, reveal signifi-
cant differences between the two models. This may be explained as
follows: The longitudinal model represents both masonry wythes by
plane stress grids of the collar joint. Displacement at a node on
either wythe represents the corresponding displacement throughout the
thickness of the wythe in this model. Such is not the case in the
transverse model where a wythe may deform differentially across its
thickness. To enforce same conditions in the transverse model, each
wythe element is made infinitely rigid in shear deformation by in-
suring that vertical displacements of all nodes in a wythe at a given
level are kept equal. This can be easily achieved by modifying the
stiffness matrix of the transverse model (22). A better agreement of
the results between the two models is obtained as shown in Fig. 10,
when the differential wythe deformations are eliminated by equating
vertical displacements in the transverse model.

Collar Joint Shearing Stiffness in the Transverse Model. The
stresses shown in Fig. 10, although much improved when compared to
those in Fig. 9, still do not closely agree for the two models. This
difference may be attributed to the stiffness of the collar joint,
which has only shearing stiffness in the longitudinal model but both
shearing and normal stiffnesses in the transverse model.

The stiffness matrix of the collar joint in the transverse model
was modified to include only shearing stiffness. The details of this
modification may be found in Ref. (22). The wall was reanalyzed
using this modified stiffness in the transverse model and yielded
stresses that are shown in Fig. 11. A comparison of these stresses
with the corresponding results in Fig. 10 shows insignificant improve-
ment, indicating the presence of some other effects that influence the
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analysis. A closer inspection of the results revealed the existence of
horizontal displacements perpendicular to the wall in the transverse
model. These displacements are nct included in the longitudinal model.
Shearing strains in the transverse model are due to the sum of the posi-
tive and negative angle changes caused by both the horizontal and verti-
cal displacements shown in the diagrams that follow. When compared
with the shearing strains in collar joint elements in the longitudinal
model, the shearing strains in the transverse model are different be-
cause of the opposite effects of the horizontal displacements that are
absent in the longitudinal model,

/ Transverse ]
Model
Vertical Longitudinal
Displacements Model
‘r/,z”” +) Vertical

\

Displacements
/
Transverse
(_) MOdEl
Horizontal

————— —# Displacements

Because of the presence of interactive terms in the collar joint
element shear stiffness in the transverse model relating horizontal
displacements to vertical forces, the opposing horizontal displace-
ments tend to restrict the transfer of load across the collar joint.
Thus, the vertical normal stresses in both wythes in the transverse
model differ from the corresponding stresses in the longitudinal medel,
However, if the shear strains in the collar joint are expressed in
terms of only the vertical displacements of the two wythes, a modified
shear stiffness matrix results for the transverse model that leads to
normal stresses which are identical to those obtained from the longitu-
dinal model. The corresponding shear stresses in the two models also
coincide,

Discussion

The investigation thus far has resulted in the discovery of sev-
eral shortcomings of the composite element and the corresponding longi-
tudinal model, These shortcomings result from the incapability of the
longitudinal model to incorporate certain out-of-plane effects which
are present in the transverse model. First, the longitudinal model re-
presents each wythe as a single grid of elements; i.e., elements in the
wythe are incapable of any relative In-plane deformation acrcss its
width., This is not the case in a real system, and as seen in the
transverse model, each wythe element does undergo transverse shear de-
formation. The effect of this phencmenon in the actual wall behavior
is to render each wythe less stiff, thus permitting a slower load
transfer across the collar joint than is indicated by the longitudinal
model.
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Secondly, a transverse model supported laterally to prevent out-of-
plane bending, when subjected to loads in the vertical direction only,
possesses a relatively high rigidity. Consequently, Poisson's effects,
that yield horizontal displacements, are predominant. However, these
effects cannot be included in the longitudinal model due to its inabili-
ty to represent any out-of-plane displacements. These displacements in
the transverse model restrict the load transfer and thus give higher
normal stresses in the loaded wythe and lower normal stresses in the
unloaded wythe when compared to the corresponding stresses in the longi-
tudinal model. Likewise, these displacements in the transverse model
produce shearing strains in the collar jeint that are of the opposite
sign than those due to vertical displacements. Therefore, the collar
joint shearing strains (and stresses) in the longitudinal model are
higher than those in the transverse model because of the exclusion of
these horizontal displacements in the former model. Finally, since
each wythe in the longitudinal model is represented by a grid at the
face of a collar joint, all of the wythe load must be applied as a
concentrated load at this face. In the transverse model, however, the
load is represented more correctly as a uniform load across the width
of the wythe. Since this uniform loading cannot be accomplished in the
longitudinal model, the compressive stress in the top layer of the
loaded wythe, in this case, does not give a good representation of the
actual load intensity. Also, an application of the wythe load at the
collar joint face results in a quicker load transfer tc the unloaded
wythe in the longitudinal model.

Comparisons between the two models that have been discussed in
these paragraphs are based on a short, stiff composite wall. Composite
walls that represent actual physical geometries and loading conditions
are investigated in the following section by using both the models.
Phenomena observed in the analyses of short walls are evaluated for
walls under realistic conditions.

Phase 2 - Investigation of Models Under Realistic Conditions

Whereas Phase 1 is concerned with evaluating the behavior of a
composite element, this phase is involved in evaluating the results
in realistic composite walls obtained by the use of the proposed com-
posite element. Certain wmodifications are performed on the models used
in Phase 1. A wall height of 10 feet is selected which is representa-
tive of typical floor-to-floor heights in buildings. Finite element
meshes used in the longitudinal and the transverse models are shown in
Fig. 12. Since most composite walls have dissimilar wythes, analyses
are performed on four of the most commonly constructed masonry walls.
Included are combinations of hollow block and brick as well as solid
block and brick. Both of these masonry combinations are evaluated for
walls with a 2 inch thick grouted or a 3/8 inch thick parged collar
joint. It is assumed that floor loads are applied to a wall after the
collar joint has been filled, and composite action does occur due to
application of these loads.

The transverse model is used to present two limiting cases of the
composite wall behavior under eccentrically applied floor locads. The
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resulting solutions are compared with those obtained by the use of the
longitudinal model.

Limiting Case I: Wall Sections With Slab Rotation

Composite masonry wall sections in the upper floors of a building
do not possess enough wall weight from stories above to prevent the
floor slab from rotating under the application of floor loads. This
phenomena is shown in Fig. 13 (a) as an extreme case in which the floor
slab has rotated enough that all of the floor load is assumed to act at
the interior corner of the block wythe in the transverse model. Be-
cause of the restraint provided by the floor slab at each floor level,
the transverse model in Phase 2 is laterally supported at the top in-
terior node of the loaded wythe., Differential vertical deformations
at a given level are also permitted in ordex to represent a wall more
realistically. 1In addition, analyses are performed with wythe widths
modelled as single elements or as many elements across a wytLhe.

The vertical normal stresses in both wythes and shearing stresses
in the collar joint for a hollow block-brick composite wall are shown
in Fig. 14, The normal stresses in a single element model are approxi-
mately equal to the average of the corresponding stresses in all the
elements of a wythe. If the collar joint is modelled with two elements,
the shearing stresses in these two elements are approximately equal.
They are also equal to those due to a one collar joint element solu-
tion, as shown in Fig. 14 (b). Consequently, all remaining analyses
in Cases I and II are carried out with single elements in each wythe
and collar joint. The results of the three remaining analyses in Case
I are shown in Fig. 15. Because of the infrequent occurrence of this
limiting case, results of the transverse models are shown for reference
only and are not individually compared to the corresponding longitudi-
nal models.

Limiting Case II:° Wall Sections With No Slab Rotatien

Composite masonry wall sections in the middle and lower floors of
a building receive encugh wall weight from stories above to prevent the
floor slab from rotating under the application of floor loads. This
phenomencon is shown in Fig. 13 (b) as an extreme case in which the
vertical displacements acress the top of the block wythe are considered
equal. The limit of no slab rotation and equal displacements at the
top of the loaded wythe is more representative of true wall behavior.
Consequently, these conditions are imposed in the analyses of trans-
verse models of composite walls,

The four walls analyzed in the previous section are reinvesti-
gated here for the limiting case of nec slab rotation. Since this case
is the more predominant of the two limiting cases, results of the
transverse model for each of the four walls are shown in Figs. 16
through 19 and are compared to the corresponding results of the longi-
tudinal model. It should be noted that in order to represent the con-
nection of the block wythe to the floor slab, the interior node at the
top of the block wythe is restricted against horizontal movement,
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Discussion

In evaluating the results of the two limiting cases of composite
wall behavior, it is important to recognize that the real wall behavior
is bounded by the two cases presented earlier, results of which are
considerably different from one another,

The results of the transverse models with unrestrained slab rota-
tion shown in Figs. 14 and 15 do not compare favorably with the cor-
responding results of the longitudinal model given in Figs. 16 through
19. The large amount of slab rotation assumed in Case I places all of
the floor load on the interior corner of the block wythe. The bending
that results from such a large eccentricity produces significant hori-
zontal displacements that are not included in the longitudinal model.
One effect of these displacements is to reduce the shearing stresses
in the collar joint predicted by the transverse model. As the wythes
in the transverse model are less stiff than wythes in the longitudinal
model due to their capability of differential nodal displacements in
the vertical direction at a given level, a large load eccentricity
assumed in Limiting Case I emphasizes the reduced wythe stiffness.

On the other hand, by restricting the slab rotation in the trans-
verse model, the effects created by bending and wythe deformation are
reduced, as seen in Figs. 16 through 19, where shearing stresses in the
collar joint compare more favorably between the transverse and longi-
tudinal models. By equating the displacements at the top of the loaded
wythe, the effect of eccentricity of the locad in the model is reduced.
Consequently, horizontal displacements due to bending are not as signi-
ficant. Shearing stresses in the collar joint of the transverse model
are, thus, governed primarily by vertical displacements, the condition
that is more comparable to that in the longitudinal model. Likewise,
equating displacements in the transverse model reduces the amount of
wythe deformation as the system becomes more stiff and the load trans-
fers more quickly from one wythe to the other. This condition is
evidenced in Figs. 16 through 19 in which the wythe vertical normal
stresses in the transverse model are in better agreement with those in
the longitudinal model than the corresponding stresses in the Limiting
Case I.

Comparison of the results for different types of walls reveals
that similar trends, as discussed above, exist regardless of wall ma-
terial properties and collar joint thicknesses.

DISCUSSION AND CONCLUSIONS

The development of the longitudinal model has been accomplished in
two major phases. The first phase is concerned with the conceptual be-
havior of a composite element to be used in the longitudinal model of
a composite masonry wall. The second phase deals with an investiga-
tion of the two limiting cases of a composite wall behavior analyzed
by a transverse model and its comparison with the results of the longi-
tudinal model. The understanding of the composite wall behavior gained
from Phases 1 and 2 is utilized to qualify the use of the longitudinal
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model for actual wall conditions as discussed in the following sec—
tions.

Validity of the Longitudinal Model

In Phase 1 of the development, certain phenomena, such as differen-
tial wythe deformation and transverse horizontal displacements were ob-
served in the transverse model that could not be included in the longi-
tudinal model. In spite of these shortcomings .in the longitudinal model
certain realistic wall and load conditions were recognized at the con-
clusion of Phase 2, to which the longitudinal model could be applied
successfully to obtain acceptable results for collar joint shearing
stresses. The longitudinal model predicts slightly conservative re-
sults for collar joint shearing stresses when compared to those ob-
tained by the use of the transverse model in which the rotation of the
wall at the slab end is inhibited.

The corresponding curves for vertical normal stresses in both
wythes from the longitudinal and transverse models, on the other hand,
are not as comparable. Differences of 20 to 40 percent exist with the
longitudinal model predicting a faster load transfer. However, these
discrepencies in the estimation of normal stresses are considered un-
important as the primary mode of failure in composite masonry walls is
anticipated to be due to excessive shearing stresses at the collar
joint.

Shortcomings of the Longitudinal Model

Several phenomena of a composite wall behavior are recognized in
the transverge model that pertain to out-of-plane displacements which
cannot be included in the longitudinal model. These phenomena are the
effects due to bending, Poisson's ratio and transverse wythe deforma-
tion. As mentioned above, it is only to the limiting case of no slab
rotation in the transverse model that the results from the longitudi-
nal model compare reasonably well. Any deviation from this limit to-
ward the case of extreme rotation forces the longitudinal model to be
less accurate.

The reasons for the inadequacy of the longitudinal model in pre-
dicting collar joint shearing stresses are several. First, the longi-
tudinal model is a much stiffer model since each wythe is represented
by a single layer of plane stress elements. Consequently, no trans-
verse wythe deformations are possible, and the load is transferred
quickly from the loaded to the unloaded wythe. Secondly, the horizon-
tal displacements due to Poisson's effects and bending are not included
in this model and, therefore, collar joint shearing stresses are calcu-
lated from vertical displacements only. As horizontal displacements
lead to shearing effects that are opposite to those due to vertical
displacements, the absence of horizontal displacements in the longi-
tudinal model results in a more conservative prediction of shearing
stresses in the collar jeint.
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Suggestions for Future Research .

The composite element developed in this study and used in the
longitudinal model has given results that are comparable to those ob-
tained by the use of the transverse model in some loading conditions.
However, much work still needs to be done before the longitudinal model
can be considered sophisticated enough to predict the correct behavior
of composite masonry walls.

Before any improvements in the composite element can be suggested,
it should be tested further. The results obtained by its use in the
longitudinal model should be compared against those from the trans-
verse model in which the slab load is assumed to have a triangular dis-
tribution across the block wythe with the maximum acting on the inside
edge. This loading condition represents an intermediate case between
the Limiting Cases I and II discussed in Phase 2 of this investigation,
and may be more representative of the behavior of walls in upper sto-
ries. In addition, some transverse sections in which floor slabs are
also incorporated in the finite element mcdel should be analyzed to
assess the contribution of slab stiffness to the overall behavior.

If a uniform slab load distribution is assumed on the loaded
wythe, the load acting on the portion of the wall that is away from
the collar joint must travel some distance downwards before its effect
on the collar joint is perceived. This actual behavior is automati-
cally incorpeorated in the transverse model. On the other hand, the
longitudinal model is incapable of representing this condition as the
slab load is applied as a line load on the wythe which is represented
by a single layer of plane stress elements. The above mentioned actual
physical condition may be approximated in the longitudinal model by
distributing the slab load over some vertical distance in the loaded
wythe. This procedure may need some trial and error before the most
suitable distribution is attained.

In order that the results from the longitudinal model could be
compared with those of the tramnsverse model, only vertical loads have
been applied in the examples shown in this study. However, the longi-
tudinal model can also be utilized to predict the lcad transfer phe-
nomenon if the loads were applied horizontally in the plane of the
wall. As the wall under this loading condition is less stiff, it is
anticipated that the longitudinal model will yield more accurate re-
sults. Since the transverse model cannot be used to analyze this
loading condition, three-dimensional analyses must be performed to
verify the longitudinal model.

After the longitudinal model composed of the composite elements
developed in this study has been tested for the conditions described
in previous paragraphs, the capabilities of the composite element
should be extended. These should include the incorporation of thermal
strains (10), collar joint reinforcement (2,12,13), inelastic behavior
{15), and fracture and failure criteria (5).
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Current Research on Differential Movement Between Structural Frames
and Masonry Panel Walls Conducted at the University of Texas at Austin

By Clayford T. Grimm, P.E.

ABSTRACT: Inadequate provision for differential movement between
structural frames and masonry panel walls is a world wide problem and
accounts for 28% of all masonry problems investigated by the author in
recent years. Analysis of such problems involves consideration of the
net difference between frame contraction and wall expansion, induced
by moisture and thermal or freezing expansion, creep, shrinkage,
elastic deformation, corrosion induced strain, eccentricities due to
shelf angle deformation, and longitudinal frame displacement. A
mathematical model which includes these variables is being verified by
several research projects under direction by ten principal investiga-
tors.
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Current Research on Differential Movement Between
Structural Frames and Masonry Panel Walls
Conducted at The University of Texas at Austin

By Clayford T. Grimm, P.E.*

Expansion of masonry walls restrained by contracting structural
frames has caused much damage. Over the past few vears the author has
investigated 22 masonry failures in 13 states and Canada, which were
caused by inadequate provision for differential movement. Such failures
were 287 of all masonry failures investigated in that period. The
problem is recognized the world over, being described in the masontry
literature of the U.S5.A., Great Britain, Australia, Canada, South
Africa, and Russia among others.

Analysis of such problems involves consideration of: 1. Contrac-
tion of the frame due to elastic deformation, and for concrete frames
creep and shrinkage; 2. expansion of the masonry due to temperature
rise or freezing and moisture expansion of brick masonry; 3. contrac-
tion of masonry due to mortar shrinkage; 4. relaxation of the masonry
due to creep and shrinkage; 5. Expansion of corroded shelf angles;

6. deflection of masonry due to temperature gradient and shelf angle
deformation, and 7. longitudinal frame deflection.

A mathematical model for preparing probabilistic estimates of the
stress in brick masonry panel walls restrained by steel or concrete
structural frames has been prepared by the author based on extensive
literature search. The model requires 154 inputs, ie 28 constants and
three estimates for each of 42 variables. TFor each of these a low,
most likely, and high estimate is made. A beta distribution may be used
to compute probability of the stress in the masonry being at any stated
level. Alternatively a Monte Carlo approach is used.

The model is being verified by research now underway at The
University of Texas at Austin. Funding for the several related projects
is now at about the $100,000 level and will probably be increased.
Funding is provided by the author acting on behalf of several clients.
The work is being directed by several principal investigators as follows:

Dr. John E. Breen is directing research on masonry creep and
shrinkage, including the physical properties of the masonry materials
used in that research, ie, water absorpticn of the several types,
moisture expansion and compressive strength of masonry units; mortar
shrinkage and compressive strength; masonry prism compressive strength,
elasticity, and freezing and thermal expansion; and water permeance of
walls.

%Consulting architectural engineer and lecturer in architectural
engineering, University of Texas at Austin, Austin, Texas.



Dr. Jose M. Roesset and Dr. C. Philip Johnson are directing
research on crack preopogation in masonry and finite element analysis
of flexural stresses in reinforced and stiffened masonry plates.

Dr. Jerold W. Jones is directing research on temperature
gradients through masonry sections.

Dr. Joseph A. Yura is directing research on shelf angle deforma-
tion.

Dr. John E. Breen is also directing research on buckling of
masonry due to differential movement.

Mr. Tariq Cheema, a doctoral canidate, is programing the mathe-
matical model for masonry stress induced by differential movement.

Other masonry research projects now underway at The University of
Texas at Austin, not directly related to differential movement problems,
include the following:

Dr. Richard L. Tucker and Dr. Richard E. Klinger are directing
research of the relationship between the flexural strengths of masonry
prisms and walls.

Dr. Norman K. Wagner is directing a literature search of the
effects of acid rain on masonry and related materials.

Mr. Tariq Cheema is programing the author's mathematical model for
the design of nonbearing panel walls. The program determins required
wall thickness and mortar type for 10 types of brick and concrete
masonry walls with any of 10 edge restraint conditions. Optional
methods of analysis include elastic plates, elastic strips and plastic
(yield line theory) design. Transformed sections are used for compo-
site walls.

Dr. John Breen is directing an ongoing program for determining
extent of facial cracks between brick and mortar and solidity of
mortar joints in specimens of masonry removed from problem buildings
in many locations in the United States and Canada.

The work described here will be reported in the literature in due
course, if the principal investigators elect to do so.

In summary I am pleased to report that to my best knowledge, under-
standing and belief The University of Texas at Austin has done more
research on masonry over a longer period of time than any educational
institution in this hemisphere. We fully intend to continue that
tradition.
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Fig 1.

Fig 2.

Examination of masonry specimen from existing building to deter-
mine extent of facial eracks between brick and mortar, which can be
correlated with water permeance.

Masonry prisms from existing buildings are split open at bed and
head joints to determine percent solidity of mortar joints.
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Fig 3. Test for compressive strength and modulus of elasticity in com-
pression on masonry prism from existing building.

Fig 4. Test for modulus of rupture on prism taken from existing building.
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Fig 5. Brick dimension measurement in preparation for measurement of
moisture expansion and/or thermal expansion characteristics
of unit taken from existing building.

Fig 6. Instrumentation of brick in oven during test for thermal expansion
characteristics.



Fig 7. Mortar tensile

strength test

Fig 8. Brick masonry

creep studies






ELIMINATION OF PROGRESSIVE COLLAPSE IN MASONRY STRUCTURES

By Rugsell, H, G,, and Hanson, N, W,

ABSTRACT: Work is being performed to show that load bearing masonry
structures can be tied together to provide structural integrity. By
this means masonry structures will not progressively collapse in the
event of an abnormal load. A methodology will be developed so that
alternate load paths will develop. The methodology will be verified by
tests on full size wall elements, Tests will alsc be made to inves-
tigate transfer of vertical load through the wall to floor connection,
Design criteria and construction details will be dJdeveloped, Design
examples will be prepared.
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ELIMINATION OF PROGRESSIVE COLLAPSE IN MASONRY STRUCTURES

By Henry G. Russell and Norman W. Hansonl

PROBLEM STATEMENT

In recent years, an increased awareness has evolved of the need to
consider abnormal loads in design of buildings. (1 to 6)2 Abnormal
loads may lead to progressive collapse unless overall continuity and
stability are maintained throughout the structure.

The importance of work described in this paper is to show that
concrete masonry structures can be tied together to provide structural
integrity and hence eliminate progressive collapse. The work includes
tests of masonry walls subject to vertical loading to verify reinforce-
ment reqguirements, Some tests are being made with the central portion
of the wall omitted, Other tests are being made with the end portion
of the wall omitted. Some tests are also being made to determine the
transfer of load through the wall to floor joint in load bearing
masonry structures, As a result of this program, it is anticipated
that design criteria and construction details will be developed to
prevent progressive collapse in load bearing masonry structures,

BACKGROUND

Progressive collapse ig defined as a phencmenon in which the spread
of a local damage caused by some abnormal load results in the collapse
of the entire building or a disproportionately large part of it, It is
economically prohibitive to explicitly design load bearing masonry
structures to resist all abnormal loads. This results from the absence
of comprehensive information concerning the following:

1. Incidence, nature, and consequence of abnormal loadings due to
phenomena not normally considered in building design.

2., Response of the structural syétem as a whole or its ccmponent
parts when subjected to large deformation or local damage from
abnormal loads.

1 Respectively, Director, and Principal Structural Engineer; Structural
Development Department; Construction Technology Laboratories, a Divi-
sion of the Portland Cement Association; Skokie, Illinois,

2 Numerals in parentheses refer to corresponding items in Appendix I -
References.



Although it is not possible to design to resist abnormal loads,
provisions should be made to ensure that the consequences of an
incident are not disproportionately larger than the initiating cause.
Occupant safety and property damage should be considered, Tradition—
ally, it has been assumed that if established practice and codes were
followed, the resulting building would have a satisfactory inherent
degree of structural integrity. However, this assumption 1is only
justified for those structural systems in which construction technigues
result in a substantial degree of continuity.

To reduce the risk of progressive collapse in structures lacking
continuity, the following solutions have been proposed:

1. Eliminate the hazards which cause local damage.

2. Design the structure for the required strength so that the
hazard does not cause any local failure,

3. Allow a local failure to occur, but design the structure to
bridge local damage and maintain overall structural integrity,

The first two approaches fail to consider all possible abnormal
loads. Approach two is uneconomical, The third approach has received
wide acceptance in Europe and in the United States because it can be
made practical and economically feasible.

OBJECTIVE

The objective of this project 1is to determine that general
structural integrity can be achieved in load bearing concrete masonry
structures. Use of horizontal bond beams and ties between bearing
walls and floor systems can be used to achieve this. Design criteria
for necessary ties will be developed, The bond beam which already
exists in masonry structures can be tied intc the surrounding elements
through the use of vertical reinforcing steel dowels,

WORK PLAN

The work plan for the proiect includes six separate tasks to be
performed Jjointly by the National Concrete Masonry Association and the
Construction Technology Laboratories of the Portland Cement Association.
The project is sponsored by the Department of Housing and Urban Devel-
opment, Work to be accomplished under each task is outlined in the
following sections,

Market Survey. — A market survey has been performed by NCMA to
determine characteristics of architectural layout and structural
considerations that apply to typical load bearing masonry buildings.
Items addressed included size of building, slab span lengths, building
heights, story heights, material and strength of masonry units, floor
systems, connections, degree of reinforcement, and common construction
details, Information from the market survey was used to select a
prototype structure for use in subseguent tasks.
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Development of Methodology. —— A rational approach to the use of
alternate paths after the cccurrence of abnormal loads in various parts
of the structure will be developed. The task will address itself to
both interior and exterior 1load bearing walls. Walls containing
openings will also be considered. A review of specific methods and
procedures to analyze overall behavior of selected load bearing masonry
structureg will be included. Specific methods will be evaluated to
determine the degree to which the methods assure structural integrity.

Tests of Full-S8cale Walls. -—- In this task, tests will be performed
on full-scale wall specimens to evaluate overall response to vertical
loads. The tests will be used to investigate alternate methods or
concepts for reinforcement and connection details, The results will
verify the methodeology determined in the previous task. 2An analytical
model compatible with the experimental observations will be developed
using test results.

Pullout Tests, —-— The objective of this task is to determine bond
development of reinforcement in various strengths and types of masonry
grouts and masonry units. This work is being performed by NCMA. Pull-
out tests from grouted masonry units will be made.

Vertical Load Transfer through Connections. -— Experimental testing
to determine strength and interaction behavior of the horizontal floor
to wall connections will be performed, The objective of these tests is
to evaluate the transfer mechanism of vertical load through the connec-
tion. Axial load will be applied to selected internal connections of
the floor to wall Jjoint, In addition, external connections will be
tested, The effects of moment transfer from the slab to wall are also
being examined.

Development of Design Criteria. =-- This £final task consists of
engineering analysis to quantify acceptable levels of load capacity and
reserve strength. Recommended design criteria will be developed.
Examples of design application and structural theory pertinent to these
criteria will be developed and presented in a final report. A design
methodology will be developed based on the work accomplished in the
previous tasks. Design examples and a set of recommendations reflect-
ing the results of the entire research program will be provided.

SUMMARY

The objective of this program is to ascertain that in load bearing
concrete masonry structures, general structural integrity can be
achieved by the use of horizontal bond beams and ties between bearing
walls and floor systems, Design criteria for these ties will be
developed, Tying the structure together by means of ties may provide
an alternate path for abnormal loads. Experimental tests will be
performed to demonstrate the validity of the proposed design method.
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TRANSFORMING RESEARCH INTO BUILDING REQUIREMENTS

by: Roland L. Sharpe

ABSTRACT: The process for transforming research results into building
code requirements has become lengthy; many more groups of people are
now invelved than was the case a few years ago. The report presents
the author's opinion on problems with the current process and how the
process might be improved. An on-going project is described and work

towards incorporating the results into codes is discussed as a case
example.



TRANSFORMING RESEARCH INTO BUILDING REQUIREMENTS.
By Roland L. Sharpel

INTRODUCTION

Research has been performed on masonry construction throughout much
of man's history. Research was mostly more or less informal, although in
the past several decades the research effort has tended to become much
more formalized and the results have been beneficial in many areas.
Research in seismic resistance of masonry construction is fa1r1y new --
in the last two or three decades.

Concurrent with this research effort there has been a great increase
in earthquake resistant design reguirements in building codes. The
process for transforming research results into building code requirements
has become more lengthy, and many more groups are involved than initially
was the case, In many instances, considerable time is required to
process the research results and have them adopted as building code
requirements. The purpose of the following paper is to present the
author's opinions on problems with the presently perceived process and
how this process might be improved. The process is reviewed,
difficulties encountered are discussed, an on-going project is described
and recommendations are presented.

PROBLEM STATEMENT

Most of the research conducted on seismic resistance of masonry is
either funded by governmental agencies, by industry, or jointly by
government and industry. The research is performed, the results are
presented in a report, and then the results are presented to the building
designers and code promulgating officials, usually with the request that
certain changes or additions be made to the building code requirements.
Often there is resistance to accepting the change because the research
does not directly apply to the problem presented, and extrapolation or
interpolation has to be made to extend the research to the problem at
hand. The applicability of the results then often becomes a matter of
Jjudgment between the designers and the industry representatives
presenting the results. The present paper is intended to Took at this
entire process and to make suggestions as to how it might be improved.

How do research needs arise? There seem to be two basic events that
might occur. First, somebody has an idea to build in & more economical,
safer, or efficient way. Two examples that come to mind are reinforced
grouted brick masonry and reinforced grouted masonry. The other event
that could occur is that something happens: a masonry structure is
damaged due to stress from thermal changes, moisture change, variations
in load or imposition of transient loads such as earthquake and wind, and

1 Managing Director, Applied Technology Council and President,
Engineering Decision Analysis Company, Inc., Palo Alto, California.
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there is obviously a need that the construction should be improved to
resist these conditions. The research is performed to try to improve the
end product and may either be analytical or utilize experimental
procedures. ‘

The research results are needed because designers and/or building
officials won't accept the proposed solution without some sort of proof
because they have much of the responsibility for the end product. The
building official is responsible for safequarding public safety, property
and welfare, and the designer is responsible to the owner for a safe,
economical structure. »

APPROACH TG THE SOLUTION

As noted previously, most of the masonry research is sponsored by the
industry or by governmental agencies. Industry and/or government groups
might perform some of the research directly. Sometimes they utilize an
advisory group; other times they do not. When industry does the
research, there can be problems of credibility. If an appropriate
advisory group is not factored in.early in the project, there may be a
lack of full understanding of the problem from the designer's viewpoint,
and hence the results might be suspect or argued.

The other approach to research is where industry and/or government go
to a university or to private consultants. Again, these researchers may
or may not use advisory groups.

At the beginning a budget is established, so the research program has
to be carefully thought out and organized so as to hopefully produce the
results in an economical manner and within the given budget. Because of
restrictions in research facilities and budget, the research experiment
may not always be directly applicable to the problem. The results must
be extrapolated or transformed in some manner so as to be applicable to
the problem at hand.

The above approach seems to be rather straightforward, but what are
some of the problems that have been involved with this approach? First,
let us review who all should be involved in the process. The owner or
the end user of the building is interested in a safe, economical (by
economical is meant life cycle cost, including first cost and lifetime
maintenance) structure. The owner is normally represented by designers
(architects and engineers). Then there is the manufacturer of the
materials, and closely allied with the manufacturer is the constructor or
contractor, who furnishes the organization and assembles the required
resources to build the structure. This includes materials and
appropriate craftsmen. There is the building official who has the
responsibility to the public to see that any building constructed that
comes within his purview safeguards the public safety, property and
welfare. And, of course, there is the researcher, who has to set up the
experiment. He has the Eackground in experimental design; he knows the
physical limitations of the various types of facilities; he presumably is
unbiased and independent; and he will provide a factual, straight forward
research program and corresponding report setting forth a description of
the research, the results obtained, and his interpretation of same.
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The difficulty is to bring all of these parties together to focus on
the problem and to come up with a solution considering all of the
restraints such as budget, physical facilities, knowledge about the
phenomena, schedule, scale factors, workmanship, variation in materials,
and other factors. Further, the resulting research program must, insofar
as practical, represent as-built conditions,

From a designer's viewpoint, there is a perception that the
researcher and/or the funding group defines the program. They often do
not obtain all the required input from the designers. They may set up an
advisory group, but often such advisory groups are not fully effective
for a variety of reasons. First, they are often set up after the
research program has been formulated. They are not a good representative
sample of the design professions and industry. Thirdly, their
participatin is limited.

DIFFICULTIES ENCOUNTERED

In transforming research needs into building code requirements, it is
well to keep in mind some of the procedures that have to be followed to
revise a building code. For seismic design requirements in the Uniform
Building Code, the results, together with recommended provisions, must go
first to the ICBO Code Changes Committee and then to the Seismology
Subcommittee, which must review all provisions related to the design of
structures to resist earthquakes (see Figure 1).

For seismic provisions, ICBO usually refers all proposed code changes
to the Structural Engineers' Association of California. Such code
provision changes are then assigned to the State Seismology Committee
(see Figure 2). On some occasions, the SEAOC State Code Committee is
also involved. The SEAOC Seismology Committee reviews the proposed code
change in detail, often relies partly on input from local committees
and/or task groups, and often sends a representative to ICBO committee
meetings and other hearings. The SEAOC Seismology Committee may act
independently of the Board of Directors. For changes in other
geographical areas, other structural engineering associations may become
involved. It is evident there are a lot of people involved and if
research is to be done with the aim of developing new code requirements,
a means of communication with the appropriate groups should be set up
early in the program to ensure that their ideas and judgments are
involved at an early stage. If this is done, then the code revision
process should run much smoother.

RESULTS TO DATE

The results to date appear to be fair to good. It does not appear
for the amount of research funds expended that the end results are
commensurate with the effort and funds expended. Why is this? Some of
the reasons were stated previously: inadequate design of the research
program, and inappropriate use of advisory groups or inappropriate use of
their input. Another problem is that the research programs do not seem
to be fully coordinated. Often, a research program is set up to solve a
specific problem and does not consider other factors that might be
interdependent with the problem at hand. One result is there are
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conflicts in the present code requirements for masonry and there are
large variations in the code requirements for masonry throughout the
United States. Some of these variations are warranted because there are
different conditions in different parts of the country. However, there
are others that appear could be solved in similar ways.

- Difficulties are encountered in getting the research results accepted
by the designers, and if the designers do not accept them it is usually
very difficult to get the building official to accept. The question then
arises, can this situation be improved? There has been a lot of good
work done, but it seems there are a number of improvements that could be
made. A project that has been ongoing for the past four years, wherein
research is being done at the University of California at Berkeley (UCB)
and an advisory committee was assembled by the Applied Technology Council
(ATC) under contract with the Department of Housing and Urban Development
(HUD), seems to have solved some of the problems that were outlined above.

The project involves the development of design guidelines for
earthquake resistance of single-family masonry dwellings in Seismic
Zone 2, HUD contracted with UCB to make certain tests including shaking
table tests of model houses, and a variety of connection tests with the
proviso that the work be done in close cooperation with an advisory group
assembled by ATC. UCB also had advice from masonry industry
representatives, ATC assembled an advisory panel composed of a
representative of SEAOC, a structural engineer from Phoenix, a structural
engineer from Memphis, a homebuilders' representative from Phoenix, and a
subcontractor structural engineering firm from Phoenix. Representatives
of HUD and FHA also served on the advisory panel. This advisory panel,
including the author, initially met with UCB representatives, thoroughly
reviewed the basic requirements for the research, what end results were
expected, and how the various tests should be set up to get the maximum
information, which hopefully could then be directly applied to the design
guidelines. There was a good spirit of cooperation ameng all the parties
invoived. UCB developed the initial experimental design, after
consultation with the advisory panel. The advisory panel then reviewed
the program in detail, made certain recommendations, and after discussion
most of the suggestions were accepted. A number of connections tests
were developed, Most of these were based on recommendations of the
advisory panel. The researchers recommended how the sampies should be
put together, how many tests should be made, and how the loads could be
applied. Nearly concurrently, shaking table tests were run on the first
model house. The advisory panel was present at some of the tests., After
the results of the tests were reduced and evaluated, they were discussed
in a joint meeting and the second shaking table test was planned. This
process continued through four different shaking table tests. Each test
was designed with full cooperation between the advisory panel and the UCB
researchers,

It was realized because of the physical Timitations of the shaking
table that all factors could not be tested. For example, the house had
to be limited to 16 ft. square. The walls of the house could not be
connected at the corners, because the walls had to be constructed
separately and then moved onto the shaking table; to construct them on
the skaking table would hold up use of the facility for several weeks
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when it was badly needed for other research. There was considerable
discussion on the effects of scale, workmanship, size of house,
deflection of the roof diaphragm, foundation compliance, moisture
conditions during construction, and many other factors. However, it is
the author's opinion that the results produced from these tests, when
fully evaluated by the advisory panel and the researchers, will provide
meaningful input into building code requirements. The ATC subcontractor
has the responsibility to take the results of the research and
recommendations of UCB and to develop design guidelines for single-family
masonry dwellings in Seismic Zone 2.

One might comment that the building code official was not involved.
As these guidelines are to be used by HUD, the HUD representatives served
this function for this project. For a project where the results would go
into a building code, building code officials and others could be readily
instituted in the advisory panel.

What are the advantages of the above? Many of the problems and
arguments that could arise after the research was completed were raised
and a solution arrived at prior to the development of the research
program, or prior to the development of a new test sample. Thus, there
was maximum efficiency made of the research dollar because there was
concurrence on the design of each of the experiments.

RECOMMENDATIONS

The above paper has discussed some of the problems and possibie
solutions to making the process of transforming research results into
building code requirements more efficient. When a research problem
arises and a research program is to be set up, a very clear means and
procedure must be set up to get the required input from all those who are
affected. This includes the designer professional (architects and
engineers), building officials and building code promulgating officials,
manufacturers and/or constructors (masonry industry), researchers, and
the funding group. A means must be developed whereby the input from each
of these is obtained and considered in a timely manner, as appropriate.

The use of an advisory committee is highly recommended. It should be
pointed out that most of the members of such an advisory group or panel
will be practicing design professionals. They are in business to make a
living. Therefore, adequate provision should be made in the research
program budget to pay the expenses and some reimbursement for time spent
to each of the members of the panel. Such reimbursement should consider
not only attendance at meetings, but make some provision for study and
evaluation of the data prior to each meeting, so that the meeting will
have meaningful results. Too often, advisory panels are set up with the
idea that the expenses only would be paid for the professional with no
compensation for his time, The design professional makes his living by
providing consulting services, and most are from small offices;
therefore, consideration should be given to reimbursement for their time.
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Lastly, I would Tike to recommend in selecting the advisory panel,
that a representative group of knowledgeable, experienced designer
professionals be involved. Too often because of budget requirements,
there is a feeling that one or two people on the advisory panel is
adequate. Seismic design is still an art; it is not a science, and as
such requires judgment of professionals., Therefore, I strongly recommend
that the advisory panel be representative of current practice and have
sufficient members so varying viewpoints are heard and considered in the
development of the research program.

I hope the above comments have been of value. It should be noted the
Applied Technology Council follows the above procedures, and for any
advisory panel retained, there is provision made for reimbursement of
expenses and for time of the individual involved. As a result, we find
that we can meet deadlines; we can exert pressure to get comments and
input from the advisory panel members; and we have been quite successful
in the past seven years in doing this. Thank you.
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BUILDING STANDARDS DEVELOPMENT FOR
STRENGTHENING EXISTING UNREINFORCED
MASONRY BUILDINGS IN SEISMIC AREAS

By Ben L. Schmid
Consulting Structural Engineer, Pasadena, California

ABSTRACT: The danger to public safety threugh the continued occupancy of
unreinforced masonry bearing wall buildings constructed with weak mortar
and without coherent stress paths from the roof to the ground in seismic
areas has been of continued great concern to Structural Engineers, Engineer-
ing Geologists, Seismologists and Building Officials. A variety of ordi-
nances and standards are described that have been implemented or proposed
since 1933 to reduce the hazards inherent in such unreinforced masonry
structures.
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BUILDING STANDARDS DEVELOPMENT FOR
STRENGTHENING EXISTING UNREINFORCED MASONRY BUILDINGS
IN SEISMIC AREAS

1
By Ben L. Schmid
INTRODUCTION

The danger to public safety through the continued occupancy of unre-
inforced masonry bearing wall buildings, constructed with weak mortar and
without coherent stress paths from the roof to the ground, in seismic
areas has been of continuing great concern to Structural Engineers,
Engineering Geologists, Seismoclogists and Building Officials. This concern
was evidenced in California by the extremely poor performance and collapse
of many unreinforced masonry structures during the 1933 Long Beach earth-
quake, the 1952 Tehachapi, the 1968 Santa Rosa and the 1971 San Fernando
earthquake. A variety of ordinances have since been implemented, or pro-
posed, to reduce the hazards inherent in such unreinforced masonry struc-
tures.

This report is intended to describe some of the ordinances addressed
to strengthening this category of structures.

INITIAL SELSMIC CCDES FOLLOWING THE 1933 LONG BEACH EARTHQUAKE

It was evident by the damage caused by the Long Beach earthquake in
1933 that the existing construction practices invelving unreinforced
masonry buildings required drastic changes. In Long Beach, approximately
one~half of the City's estimated 1700 unreinforced masonry buildings re-—
ceived major damage which ranged from ruptured masonry walls requiring
extensive repairs to damage that was so severe that repairs were impractical.
More than half of the unreinforced masonry buildings in the nearby City of
Compton were either demolished by the earthguake, or were so badly damaged
that they had to be torn down. Local jurisdictions quickly amended their
building codes to require new buildings to be earthquake resistant. The
Field Act, which established earthquake design standards for public schools,
was adopted by the State of California in April, 1933. The Riley Act, which
initially required a minimum lateral design force of 2% G times Dead Load
plus Live Load for all buildings in the State except public schools, was
passed in 1933. The old lime mortar specifications were changed dramati-
cally by significantly increasing the required amount of cement in the
mortar of masonry construction and requiring the use of c¢lean, graded sand,.
Reinforcing steel was specified for masonry bearing and shear walls.

Consulting Structural Engineer, Pasadena, California.
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Even though Building Codes developed design forces and allowable
stresses, following 1933, for new construction, little was done to provide
criteria for strengthening existing lime mortar buildings. The schools in
California were the exception. The Office of the State Architect, through
the Field Act, permitted strengthening of existing unreinforced masonry
schools by the combination of gunite, cutting closely spaced vertical
chases in the masonry walls to form internal concrete pilasters and pro-
viding new materials and anchorages to permit the building to resist
design lateral forces in the range of 10% G for Dead Load and Live Load
to 13% G for Dead Load. A number of schools throughout this state were so
strengthened between late in 1933 and the current period. All unrein-
forced masonry public school buildings in California have now been
strengthened, vacated or demolished. Socme of the strengthened buildings
have been subjected to subsequent earthquakes and have performed very well.

PARAPET ORDINANCES

One of the earliegt steps to minimize potential danger to occupants
and pedestrians was the retroactive Parapet Ordinance adopted by the City
of Los Angeles in 1949. It was the start of a successful 20 year parapet
correction program whereby the seismically unstable parapets of approxi-
mately 20,000 pre-1934 buildings were strengthened or removed. The Para-
Pet Ordinance regquired that the parapet be removed to within one foot of
the roof or that suitable braces be attached. The walls were required
to be attached to the roof framing members with rod anchors or other suit-
able ties to resist a minimum force of 200 pounds per foot applied normal
to the wall at the roof level. A continuous concrete cap beam with at
least a single one-half inch diameter reinforcing bar was typically cast
on top of the masonry wall. Cast-stone and other ornamental appendages
applied to the masonry walls, as well as railings, were required to be
suitably anchored against lateral forces. Other Southern California com-
munities have completed similar programs. The value of these programs
were well demonstrated during the San Fernando earthquake. Instances
were cited where anchored walls remained in place, while unanchored walls
on the same building failed and fell to the ground. The installation of
roof anchors tended to hold the building together so that complete col-
lapse was prevented. The City of San Francisco began its implementation
in 1975 of a parapet ordinance that was passed in 1969. Over 250 buildf
ings have been corrected from a list of 1500 building owners who have
been notified to date. Tt is estimated that 8,000 buildings will require
Parapet review.

COMPREHENSIVE ORDINANCES FOR
STRUCTURAL REHABILITATION OF UNREINFORCED MASONRY STRUCTURES

In Southern California, where ground shaking greater than 30% G
accompanied by large ground displacements have been predicted by seismol-
ogists, the next step of strengthening is being considered. The City of
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Long Beach was the first to add a subdivision to its Building Code (2} re-
lated to earthquake hazard regulations for structural rehabilitation of
existing structures. The Section provided a table of lateral design force
based upon number of occupants, tvpe of occupancy, designated continued
life of the building, soil factor, seismic zone and type of structure.

The owner was required, through his Architect and/or Engineer, to show
that the building would be made to resist the designated forces using
materials and values provided in the Uniform Building Code. A number of
the apparently dangerous buildings were cited and were brought into com-
rliance or were demolished.

The City of Santa Rosa passed Resolution 9820 in 1971, following the
1969 Santa Rosa Earthgquake. The Resolution has since been updated to the
level of the 1979 Uniform Building Code. Design standards permit 100% in-
crease in diaphragm stresses, 50% increase in connections and bolt values
and 6 psi in masonry shear. WNo tension in masonry is permitted for flex-
ural stress. Unreinforced masonry shear walls are required to be stiffened
laterally by adding vertical posts or columns bolted or otherwise attached
to the wall so that the wall acts as a veneer. The strengthening plans
are required to be done by a Structural Engineer or Civil Engineer with a
structural speciality. The standards are directed to all buildings built
prior to 1958. Approximately 80% of the unreinforced buildings in the
downtown area are either in the process of being strengthened, the work
has been completed or the buildings were demolished.

The ATC Report (5) "Tentative Provisiong for the Development of
Seismic Regulations for Buildings," Chapters 13 and 14 describe the abate-
ment of seismic hazards and guidelines for repair and strengthening. The
occupancy potential and category of building type are included as a meas-
ure of the lateral design force. The length of time in years for abate-
ment of the potential hazard is also equated.

The Uniform Building Code (7) does not presently provide code provi-
sions for partial strengthening of hazardous buildings except to require
that alterations valued between 25% to 50% of the building value shall use
materials and design forces for the new work in compliance with new work
requirements of the code. If the alterations exceed 50% of the value of
the building, the entire building is required to be brought into compli-
ance with code provisions for the new work. It is up to the individual
Building Departments or Appeal Boards to lessen these requirements. Pro-
visions for rehabilitation of Historie Buildings without conformance to
all provisions of the code and for abatement of dangerous parapet walls
and other appendages are covered in Section 104.

The Stéte of California enacted legislation in 1973 that regquired
each City and County to develop a General Plan for future planning. The
Seismic Safety FElement contained in the General Plan often listed the
reduction of hazards due to the continued occupancy of unreinforced



masonyy buildings as a priorify program (3). The City of Los Angeles has
developed a proposed ordinance for the strengthening of unreinforced mason-
ry bearing wall buildings (4). The ordinance classifies buildings into 4
risk categories based upon Occupancy and Use. Force levels are assigned
for each risk category and vary from 18.6% G for Police, Fire and other
essential facilities to a low of 10% G for warehouse and other low density
occupancy buildings. The notification to owners is to be on a graduated
time schedule with the owners of higher risk structures to be notified
first. The implementation is meant to be spread over a 10 year period.
The ordinance contains allowable stresses for existing materials not pres-
ently specified in the building code. Masonry unit shear tests of each
existing wall are also specified with allowable minimum shear test values
to permit the building to be strengthened within the ordinance. Walls of
reasonable strength, with unsupported height to thickness ratios less than
the limits specified, header coursing present at every sixth or seventh
course, calculated shears less than permitted and with acceptable anchor-
age at floors and roof, can be used as shear elements without adding
gunite or other surface coatings. The ordinance will not reguire existing
elect;ical, plumbing, mechanical and fire systems to bhe altered unless
they constitute a hazard to life or property. The Los Angeles Ordinance
is presently under Envirommental Impact Review by the Planning Department
relative to social and economic evaluation.

The concept of permitting less than current Uniform Building Code
lateral force values for strengthening unreinforced masonry lime mortar
structures was questioned by some municipalities such as The City of
Salinas. Such strengthening was to reduce the rigsk of death and injury,
but not to prevent damage to the strengthened building. The California
Seismic Safety Commission helped to initiate Senate Bill 445, which was
duly passed and signed by Governor Brown last year.

The State Law permits each City and County to set reasonable levels
of design forces as determined by gualified persons. The design forces
may be less than those specified in current codes relative to new build-
ings. If the jurisdiction does not have the expertise available, it can
request the O0ffice of the State Architect to establish force values and
allowable stresses for materials and or construction.

Several Cities, such as Santa Maria and Salinas are developing
ordinances similar to the proposed Los Angeles Ordinance. Other Cities,
such as Sacramento and San Diego have permitted strengthening of unrein-
forced masonry buildings on an individual basis with reasonable compliance
based upon use and occupancy.

A State Historical Building Code was developed in 1977 (6), with
Guidelines finalized in 1979, that permits special consideration for
Historical Buildings. The buildings can be brought into reasonable com-
pliance by the Architect and Engineer doing the rehabilitation using
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individual Jjudgment within the Guidelines and with the concurrence of the
Building Department. An Advisory Board is available to local jurisdictions
through the State Historical Building Code Commission. Guidelines on
archaic masonry and adobe reflect recent research on the state of the art
in unreinforced masonry. A survey of code provisions for Historic Build-
ings has been reported by Green and Cocke {1).

Areas outside California that have developed standards include the
State of Massachusetts, The City of Seattle and Salt Lake City. The State
of Massachusetts' standard, as applied in Boston, is to require a reduction
in hazard potential when there is a change in Occupancy. Seattle has re-
quired anchorage of walls in the redevelopment area of Pioneer Sguare.
Salt Lake City requires the Architect or Structural Engineer to improve the
lateral strength of the building where there is an Occupancy change or
other improvements are made on the building.

CONCLUSIONS

Development of comprehensive crdinances in seismic prone areas,
especially California, for the strengthening of unreinforced lime mortar
masonry buildings is progressing. Implementation of the ordinances is
dependent upon the political evaluation of social and econcmic impact
versus comparative life safety. Research is now being pursued and more
will be needed to determine the minimum level of compliance and force
levels to provide relative life safety for various levels of ground shak-
ing intensity and displacement. Anticipated design intensities and dis-
placements should be provided by Engineering Geologists for different
geographic areas. Code writing agencies can then better develop ordi-
nances that will provide reasonable strengthening at minimum expense.

A major question to be resolved relative to the development of
strengthening codes is whether the code should be a prescription code that
provides force levels and values of resistance for new and existing
materials of construction or if the individual Architect and Engineer
should develop a method of reducing the hazard following general standards
to satisfy the Building Official or Appeals Board.
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INVESTIGATION OF REINFORCED BRICK MASONRY BUILDINGS UNDAMAGED BY
THE SAN FERNANDO EARTHQUAKE

By Adham, S.A.

ABSTRACT: An investigation of a group of reinforced brick masonry buildings
undamaged by the 1971 San Fernando earthquake was conducted. Seismic analy-
ses were performed in three stages. In the first stage, the six-story
reinforced concrete main building was analyzed using a two-dimensional
model. Relative displacements were calculated at the expansion joints and
compared to the reported damage of the flexible expansion joints. This com-
parison was used to assess and calibrate the estimated earthquake motions.
These earthquake motions were used in the second stage as input to a three-
dimensional model of a reinforced brick masonry building. This building

was analyzed assuming various portions to be separated by 3-in. expansion
joints. The analysis of this building was repeated in the third stage

using a three-dimensional model without expansion joints. The third effort
included review of research on fracture theories of brick masonry. A per-
formance criterion was developed for assessing the response of the masonry
buildings during the earthquake and evaluating the effect of expansion
joints on relieving internal stresses. The results of the three efforts

are integrated in a set of ceonclusions.
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INVESTIGATION OF REINFORCED BRICK MASONRY
BUILDINGS UNDAMAGED BY THE SAN FERNANDO EARTHQUAKE

By Samy A. Adham1
INTRCDUCTION

Numerous investigations have been made of buildings damaged in past
earthquakes in an effort to understand how they responded to the ground
shaking and how they might have been designed to eliminate or minimize
the resulting damage. But little attention has been paid to undamaged
structures in the immediate area that were also exposed to the same ground
motion enviromment. Understanding why a structure was not damaged .can
contribute significantly to our knowledge of earthquake engineering and to
the design and construction of earthquake-resistant structures.

This paper provides the results of a study of the behavior of a
group of buildings that comprise the Sepulveda Veteran's Administration
Hospital during the February 9, 1971 San Fernando earthquake. The build-
ings were constructed of reinforced concrete and reinforced grouted brick
masonry and were subjected to strong ground motions that greatly exceeded
the original design assumptions. However, these buildings did not sus-
tain any major structural damage [L]. The facility is located in the
northern part of the San Fernando Valley (Fig. 1), in close proximity to
three hospitals that were badly damaged in the earthquake: the San
Fernando VA Hospital, the Holy Cross Hospital, and the Indian Hills
Medical Center. There was also structural damage to many other buildings
in the immediate area [2].

Background

The group of buildings of concern in this study are 22 buildings and
5 support facilities ranging in height between one and six stories (Figs. 2
and 3). At the time the hospital was constructed in 1955, it was probably
the largest single project utilizing reinforced brick masonry construction
ever built in the United States. A survey of the hospital buildings
immediately after the 1971 San Fernando earthquake indicated that there
was only minimal structural damage to the Sepulveda VA Hospital [2].
Extensive elevator and plaster repairs were required, and a number of
seismic joints required replacement. However, the operation of the hospi-
tal was not interrupted.

The violence of ground shaking was evidenced by extensive damage to
the 4-in. flexible expansion joints in Building 3 and window jambs on the
sixth floor being jolted out of place. In addition, a permanent displace-
ment of approximately 1 in. was reported at the sixth-floor level. Visible
cracks were also reported in the reinforced concrete frames supporting the
boiler house roof and the chimney of the incinerator building,

lSenior Staff Engineer, Agbabian Associates, El Segundo, California



Objectives

The primary objectives of this study are to assess response of
reinforced grouted brick masonry structures to strong earthquake shaking
and to provide information on effectiveness of expansion joints in large
and/or irregular buildings.

ESTIMATES OF EARTHQUAKE GROUND MOTIONS AT
THE SITE DURING THE 1971 SAN FERNANDO EARTHQUAKE

The San Fernando earthquake had a local magnitude My = 6.4 and a
focal depth h = 8.4 km [3]. Soils at the site consist of a surficial
layer of clayey sand underlain by sand and gravel with interspersed layers
of clay (Fig. 4). Ground water is at a depth of approximately 250 ft.
Penetration results indicate that soil layers are mostly dense [4]. Such
soil would not, in general, cause any significant sudden changes in seismic
waves passing through the site.

Morrill [5] indicated that for the 1971 San Fernando earthquake,
except for the anomalously high Pacoima Dam results, attenuation of maxi-
mum horizontal ground accelerations from all recording sites is, for the
most part, consistent with the equation, log (a/g) = 3.5 - 2 log (D + 80),
calculated by Cloud and Perez for past earthquakes (Fig. 5).

The Orion record provides the closest record to the subject site.

The peak horizontal acceleration measured at the ground level was 0.255 g.
The record at Orion was considered a free~field motion record because the
effects of the soil/structure interaction were assumed to be small. With
the local subsurface conditions indicating no anomalies at the hospital
site, local soil-modifying effects were not considered significant in the
free-field study at this site. Therefore, the site was considered as one
part of the total propagation path.

The strong north-south asymmetry of the radiation pattern is primarily
the result of the rupture propagation from north to south. The source-
station azimuths of the Orion site are south of the epicenter. The contri-
bution of Rayleigh waves generated at source toward the sites is very large.

Regression analysis (Fig. 6) of the San Fernando earthquake records
indicates accelerations of 0.30 g at Orion (Table 1). Since the peak
horizontal acceleration at Orion was 0.255 g, the results of regression
analysis for horizontal acceleration should be scaled by a ratio of
0.255/0.30. Therefore, the 0.50 g obtained from regression analysis at
the Sepulveda site was scaled to 0,40 g to represent the peak horizontal
acceleration at the Sepulveda site during the earthquake. The peak
vertical acceleration recorded at the Orion site is equal to the peak
vertical acceleration calculated from regression analyses. Therefore,
the peak vertical acceleration of 0.29 g obtained from regression analysis
for the Sepulveda site was used as the peak vertical acceleration at the
site during the San Fernando earthquake.
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The Orion record, scaled to 0.40 g and 0.29 g peak horizontal and
vertical accelerations, respectively, was used as input to analytical
models of the hospital structures., The time history for Orion record is
shown in Figure 7, while the response spectra for the scaled horizontal
component is shown in Figure 8.

The response spectra for the scaled NOOW component of the Orion
record and ATC design earthquake for Los Angeles are compared in Figure 8.
Reasonable agreement of the two spectra is shown between 2 and 5 Haz,
However, for frequencies above 5 Hz, the spectrum for the scaled Orion
falls below the ATC spectrum. This drop is due to the effect of deep
alluvium deposits that appear to attenuate some of the high-frequency con-
tent of the earthquake motions. For frequencies below 2 Hz, the scaled
Orion spectrum is higher than the ATC spectrum, due to the effect of the
surface waves on the long period end of the spectrum.

TWO-DIMENSIONAL SEISMIC ANALYSIS OF BUILDING 3

A two-dimensional analytical model of the general medical and surgical
building (Bldg. 3, Fig. 3) was constructed. The six-story building has a
reinforced concrete skeleton frame with a concrete panel wall faced with
brick. This building was selected because it experienced considerable
damage to the seismic (flexible) joints between building segments [2].

The analysis estimated the relative displacements of Segments Bl and B2 of
Building 3 at the expansion joints when subjected to the developed earth-
quake input. These displacements were compared to the observed responses
of these joints during the 1971 San Fermando earthquake, This comparison
provided a tool for calibrating the earthquake input developed for the
site. This dinput was used to evaluate the response of the reinforced
brick masonry buildings at the site during the 1971 earthquake.

Figure 9 provides an elevation and typical floor plan of segments of
Building 3: Bl, B2, and part of Unit A. These are typical of the other
two reinforced concrete structures at the hospital site. All shear walls
are wall bearing, supported on continuous wall footings. Interior columns
are supported on isolated footings. The reinforced concrete walls are
12 in. at the second and third floor levels and 8,5 in, at the fourth and
fifth floor levels.

The walls, slabs, and columns for a typical bay in Segments Bl and B2
were modeled using a two-dimensional finite element mesh (Fig. 10). The
reinforced concrete walls were modeled as plane stress quadrilaterals. The
soil spring elements simulate soil/structure interaction effects [6].

To ensure an adequate computation of the response, the first six
natural modes were included in the calculations. The first four signifi-
cant frequencies and modes are described in Table 2.
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TABLE 2. CALCULATED FREQUENCIES AND MODE SHAPES FOR BUILDING 3B
Building 3B1
Frequency
Mode No. Hz Description
1 5.7 First shear mode with rocking of
foundation
2 20.0 Second shear mode of building
3 24,9 Breathing mode
L 35.6 Combined shear and local
deformations
Building 3B2
Frequency
Mode No. Hz Description
1 3.2 First shear mode with rocking of
foundation
2 10.3 Second mode of building
3 16.6 Localized displacement
L 20.9 Vertical displacement mode
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Critical displacements were computed using the 0.40 g scaled 1971
Orion ground motions as input to the analysis., The resulting displacements
are shown in Figure 11, in which the 4-in. gap at the top between the two
buildings has closed by an amount of 1.5 in.

Figure 12 shows typical wall cross sections at the roof of
Buildings 3Bl and 3B2. Figures 13 and 14 show damage to the flexible
expansion joint at the corner of Building 3Bl adjacent to the machine room
at the roof of Building 3B2. Examination of the details of this corner
and other parts of Building 3 indicated that the flashing at the expansion
joint appears to have been damaged by severe seismic cycles of tension
and compression, and that a permanent lateral displacement of the building
was reported to be O in. at ground level to 1 in. at the sixth floor
level [2].

The results of the analysis indicate that the 0.40 g scaled 1971
Orion record provides a reasonable earthquake input for evaluating the
response of the Sepulveda Hospital buildings during the 1971 San Fernando
earthquake,

THREE-DIMENSIONAL SEISMIC ANALYSTS OF BUILDING 10

The structure considered is a two-story, reinforced, grouted brick
masonry building with a reinforced concrete basement (Bldg. 10, Figs. 15
and 16). All floor slabs are cast-in-place reinforced concrete. Basement
walls are 12-in. reinforced concrete, while all walls constructed above
basement level are of 13-1/2-in. reinforced grouted brick. All perimeter
shear walls are wall-bearing, while interior columns are supported on
isolated footings. Flexible expansion joints separating various porticns
of Segments A, B, and C are 3 in. wide, in contrast to the 4 in. used in
the "‘six~story Building 3,

Earthquake input motions, calibrated in the Building 3 analysis, are
applied as input to the analyses of Building 10. The middle segment of
the building was analyzed first by a three-dimensional model. Critical
response of shear wall elements was evaluated. A second analysis was con-
ducted in which the building model was expanded to include the other two
segments of the building. This analysis provided an assessment of the
effect of eliminating the expansion joints in the response of this building
as a total unit.

Basement walls are 12-in. reinforced concrete, while all walls con-
structed above basement are constructed of 13-1/2-in. reinforced moderate
weathering brick of mortar type M with the following properties:

° Compressive strength of brick = 2500 psi

. Compressive strength of masonry prism = 1600 psi

™ Minimum steel ratio = 0.0024

° Designed according to 1951 Los Angeles city code
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Shear walls and floor slabs were modeled by plate elements, while
columns were modeled by beam elements. In all, the model utilized 225 plate
elements and 159 beam elements and has 202 nodal points (Fig. 17).

A second model of Building 10 is shown in Figure 18. This model
includes Segment A in addition to Segments B and €, which are assumed to
be tied to Segment A. This model represents the condition of Building 10
without expansion joints., Segment A is represented by the same refined
mesh shown in Figure 17. However, Segments B and C are represented by a
smaller number of elements and nodal points. This simplification was dic-
tated by the need to stay within storage capacity of the computer and to
reduce the cost of running a three-dimensional finite-element model, while
preserving the same refinement for Segment A to compare responses under
both conditions. The combined model of Building 10 comprised 353 plate
elements, 183 beam elements, and 314 nodal points.

The first 10 natural mode shapes and frequencies of response of
Buildings 10A and 10 were included in the calculations. The first three
significant frequencies and modes are described in Table 3.

The three components of the scaled 1971 Orion record were used in the
analyses., Calculated critical stresses are shown in Table 4.

EVALUATION OF PERFORMANCE OF BRICK MASONRY BUILDINGS AT
THE SEPULVEDA HOSPITAL DURING THE 1971 SAN FERNANDO EARTHQUAKE

Figure 19 illustrates the fracture criterion for normal quality
brick developed for this study [6]. The expected performance of Building 10
is expressed by the ratio B, which is defined as:

B = critical shear stress (1)
calculated shear stress

A value of B greater than 1.0 indicates that the panel would perform
adequately, while a value significantly less than 1.0 would postulate fail-
ure of that particular panel.

Table 4 lists elements that have critical stresses in Segment A of
Building 10. The critical shear stresses are calculated from the state of
stress for each element by equations given in Table 4. Performance factors
for critical Elements 71, 81, and 90 are 1.8, 1.85, and 1.87, respectively,
These factors are larger than 1, indicating that the building had a con-
siderable resistance against this mode of failure during the San Fernando
earthquake,

The performance of Building 10 was also evaluated using a maximum
tensile cracking criteria. Fracture was assumed to initiate when tensile
stresses exceeded maximum allowable tensile stresses in a biaxial state of
stress, The criteria for interaction between principal tensile stress 0y
and the principal compressive stress o; are given in Figure 20. The
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TABLE 3. CALCULATED FREQUENCIES AND MODE SHAPES FOR BUILDING 10
Frequency,
Mode No, Hz Description

1 9.0 First mode in X direction

2 12,0 Displacements in N-S and E-W
directions; complex deformation
pattern

3 14,0 First mode in Y direction

(a) Frequency of Building 10A (with Expansion Joints — segment A only)

‘Frequency,
Mode No. Hz Description
1 7.3 First mode in Y direction
2 8.3 Twisting mode of building
3 10.5 First mode in X direction

(b) Frequency of Building 10 (segments A, B and C tied together)
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maximum tensile stress is assumed to occur at the center of the panel and
is calculated by means of Mohr's circle to be

5o (%) z
g = + > +(1.5Txy) (2)

where Gq is the maximum tensile principal stress and o and 1.5 1
represent the normal and shear stress on a horizontal sec%ion at the middle
of the plate. The critical factor =x 1is calculated from the interaction
formula '

9

%1
* = T rgTEr )
m T m

The performance factor B is calculated from the relationship

<]
i
M |

(4)

Table 4 gives performance factors in Segment A of Building 10, using
biaxial failure criteria. These factors range from 1,2 to 1.35, indi-
cating that the shear panels performed adequately during the 1971 San
Fernando earthquake. However, the range of these factors 1s considerably
less than the range of 1.8 to 1.87 obtained from the critical shear
stress failure criteria. In addition, the lowest performance factor of
1,2 given for Element 81 indicates only a 207 safety margin over the
factor of 1.0 that would postulate failure of that particular panel.

Analysis results indicate that flexural moments were very small and
would not have created significant stresses.

ASSESSMENT OF CONNECTIONS OF BUILDING 10

A qualitative assessment was made of connections and construction
details by reviewing the available drawings., Some selected details are
shown in Figures 21 through 24. The overall qualitative assessment
indicates that connections were adequately designed and detailed.
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EFFECT OF EXPANSION JOINTS

The results of the analysis indicate that stresses were increased by
28% for Element 71, 75% for Element 81, and 42% for Element 90 when
Segments A, B, and C were tied together (Table 3). However, Element 81
has a performance factor as low as 1.20 for the case when Building 10A is
not tied to 10B or 10C (also shown in Table 5). Performance factors of 1.30
and 1.35 were shown in this table for the same case for Elements 71 and
90, respectively. Therefore, the analyses results indicate that if
Segments A, B, and C of Building 10 had been tied together (i.e., no expan-
sion joints), this building would have suffered numerous cracks and proba-
bly considerable damage during the 1971 San Fernando earthquake.

CONCLUSTONS

Conclusions are summarized as follows:

1. Expansion joints were effective in reducing stresses below
damaging levels and contributed to the survival of the hospital
buildings.

2. Excellent connections and detailing resulted in adequate resis-

tance to the 1971 San Fernando earthquake.

3. The use of adequate grout in shear walls between the outer and
inner wythes of brick provided adequate bond for the outer wythe.
This bond resulted in mobilization of the full thickness of the
brick shear wall to resist earthquake forces.

4. The use of more refined shear and biaxial failure criteria pro-
vided a better tool for evaluating state of stress in the
building.
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(b) General view from top of Building 3

FIGURE 3. VIEW OF HOSPITAL BUILDINGS
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. MACH INE ROOM -
BUILDING 3B2

FIGURE 13. DAMAGE TO FLEXIBLE EXPANSION JOINT AT ROOF LEVEL
(See Fig. 9 for location)

FIGURE 14. DAMAGE TO FLEXIBLE EXPANSION JOINT AT FIFTH FLOOR
LEVEL OF BUILDING 3B
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AN EVALUATION OF NON-~DESTRUCTIVE TEST METHODS
APPLTIED TO MASONRY

by: James L. Noland and R. H. Atkinson

ABSTRACT: The objective of the research is to assess the applicability
of four non-destructive test (NDT) methods currently used for evalua-
tion of soil, rock, and concrete to the NDT evaluation of masonry
structures. The research was conceived in response to a national need
to strengthen the nation's large inventory of existing unreinforced
masonry bulldings. If successful, NDT methods will complement and
possibly replace assessment of structural capacity by destructive

tests of specimens taken from buildings.

Four NDT methods to be evaluated are: hardness (Schmidt hammer),
mechanical pulse velocity, ultrasonic pulse velocity, and dynamic
response. Test specimens include thirty-six cantilever walls on
which NDT measurements will be taken and approximately 100 companion
small-scale assemblages which will be destructively tested to previde
data for correlation. All specimens will be seolid clay unit masonry
for the purposes of the initial assessment of NDT methods.
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AN EVALUATION OF NON-DESTRUCTIVE TEST
METFODS APPLIED TO MASONRY
By James L. Noland! and R, H, Atkinson!

INTRODUCTION

At the present time, structural assessment of existing masonry
buildings is based upon visual observations and data obtained from
destructive test of small specimens taken from the structure being
reviewed (6,15,23,24). These methods are limited because visual
observations can only reveal gross defects, and testing of a suffi-
cient number of specimens taken from a building to permit a comprehen-
sive assessment may be prohibitive dde to cost, time and aesthetic
considerations.

This report describes a research project, funded by the National
Science Foundation to assess the applicability of existing methods of
non-destructive test (NDT) methods, which have been used successfully
on other materials, to the NDT evaluation of masonry. Several advan-
tages are possible if one or more NDT methods are found to be appli-
cable, i.e.,

1) a more comprehensive and quicker examination of a structure,

2) a more economic evaluation for the same level of assessment,
and

3) the structures would not be defaced.

Successful NDT methods could be a means of superior real-time quality
control for new construction as well.

Possible disadvantages include:
1) equipment expense,
2) need for trained personnel, and
3) idinsufficient accuracy.
BACKGROUND
Masonry buildings are designed to withstand loads which are
predicted considering building function, location, geometry, and other

factors. These loads are based upon current knowledge and represent
the highest values to be reasonably expected. The loads are presented

lConsulting Engineer, Atkinson-Noland & Associates, Boulder,
Colorado.



in the various codes and standards and are the minimum loads a building
is expected to be able to withstand.

Technological advances and an increased data base in seismology,
wind engineering, etc. have led tec more accurate and often more severe
design load requirements that have been previously stipulated. Hence,
many older existing masonry buildings, designed to previously appli-
cable codes and standards, and possibly deteriorated due to time and
service, may not be safe.

Demolition and replacement of all existing masonry buildings not
capable of satisfactory modern structural requirements is not eco-
nocmically feasible; the national inventory of such buildings is too
great. Retrofit or limited use should be considered as a more realistic
and economical solution.

RESEARCH PLAN

Although other methods may be considered, four techniques cur=-
rently used in the evaluation of rock, concrete, and soil properties
will be investigated to assess their applicability to the structural
evaluation of masonry. They are: the hardness method (rebound hammer),
mechanical pulse velocity, ultrasonic pulse velocity, and dynamic
response.

Tests will be conducted on laboratory-built large-scale unrein-
forced wall specimens of clay-unit masonry to establish response
characteristics and the sensitivity of each method to detect variations
in mortar properties, unit properties, and the presence of flaws. Com-
panion small-scale specimens will be built and tested to enable cor-
relations to be determined between non-destructive measurements and
masonty properties.

Testing is restricted to one type of masonry, i.e., unreinforced,
two-wythe, solid clay unit construction, because the project is
basically exploratory in nature. The type chosen, however, is basically
that of a large number of existing buildings.

Subsequent to NDT evaluation, destructive tests of the kind to be
performed in the NSF funded project on methodology for mitigation of
seismic hazards in unreinforced masonry buildings (24) will be performed
on samples taken from the wall specimens. Relationships between these
tests and NDT measurements will be studied.

CANDTDATE METHODS

Prior use of the methods to be assessed for applicability to the
investigation of masonry properties provides a substantial body of
experience from which to begin (1,2,4,5,8,9,14,16,18,20). The princi-
ples behind each method and potential application to masonry are dis-—
cussed in the following sections.

11-3
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Schmidt Rebound Hammer.

The height of rebound of an impacting mass from a material is a
function of the surface hardness of that material. The material
characteristic "hardness" is derived for the elastic and strength
properties of the material. The Shore scheroscope has been developed
for hardness determination in metal materials while the Schmidt
rebound hammer (16) was developed for concrete. Both have been suc-
cessfully applied to the evaluation of rock properties (1).

The Schmidt rebound tester uses a spring activated hammer which
is impacted against a steel plunger that is in contact with the test
surface. The height of rebound of the hammer mass is taken as a
measure of the surface hardness. The Schmidt hammer is commercially
available in three energy levels (0.075 mkg, 0.225 mkg and 3.0 mkg)
from a number of sources. The hammer weighs about 4 lbs, is portable
and is easy to use in the field.

The rebound value obtained using the Schmidt hammer has been
correlated to concrete compressive strength by a number of investiga-
tors, Malhotra (9). The calibration curve is not unique for all
concrete mixes and thus a calibration test series is required if the
hammer is to be used for quantitative compressive strength determina-
tions, The Schmidt hammer is most useful in determining the uniformity
of concrete in a structure and in comparing the quality of one concrete
to another.

The Schmidt hammer has been adopted as one means of determining
rock hardness by the International Society for Rock Mechanics (1).
Schmidt hardness values of rock have been combined with abrasiveness
test data and used successfully as a means to predict advance rates
for tunnel boring machines (13).

The Schmidt rebound hammer was used by Deere and Miller (5) in
their development of a series of index property tests that could be
used to adequately predict the strength and deformation properties of
intact rock. Using a Type L (0.075 mkg) hammer on laboratory sized
specimens, good correlation was obtained between rebound number and
both compressive strength and modulus of deformation. The Schmidt
rebound number multiplied by the rock's dry unit weight had a cor-
relation coefficient of = 0.943 with nltimate compressive strength and
a coefficient = 0.876 with tangent modulus.

The nonhomogeneous nature of masonry will require that hardness
values be obtained both for the clay or concrete unit and for the
connecting mortar. One would expect significantly different hardness
values to occur for these two materials and that correlation of hard-
ness to overall masonry strength (or stiffness) to be a function of
both values. This would reflect the contribution to masonry perfor-
mance of these two components.

Use of the Schmidt hammer on masonry would regquire only that a
relatively smooth area approximately 1/2 inch in diameter be prepared.
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However, a special plunger adapter would have to be employed when thin
mortar seams are to be tested. The Schmidt hammer is seen as providing
information on the inherent strength or quality of the individual units
and mortar that exist in a structure. Because of its limited zone of
influence (probably ! inch radius from the plunger face), this method
of test may not be sensitive to effects of inter-wythée cracks, infill
material, etc. on the performance of the overall masonry structure.

Mechanical Pulse Velocity Techniques.

The velocity of a stress wave in a material was shown by Rayleigh
to be a function of the elastic constants of the material (E and 1)
and the material mass density, p. Three types of waves can be
generated: the compression or p wave, the shear or s wave, and the
Rayleigh or surface wave. Great use has been made of the compressive
wave velocity as a non-destructive test method in concrete. Both the
compression and the shear wave velocities are used to determine both
the matetrial quality and structural nature of soils and rocks that
comprise building foundations.

In the mechanical pulse velocity technique a single mechanical
pulse (wave) is generated in the test material and the velocity of its
travel is measured. Typically the wave 1is generated by an energy
source (hammer blow, piezoelectric crystal, explosive) with sensitive
accelerometers used to measure wave arrival at particular peints.
Electronic timing equipment is used to determine the time elapsed
between the energy input and wave arrival or between wave arrival at
two points a known distance apart. The velocity and amplitude of
the traveling wave in addition to being affected by E, y and p is
affected by the presence of cracks and voids in the path of wave
travel. 1In a nonhomogeneous material such as concrete or masonry,
pulse velocity methods are anticipated to give information on "average"
condition of the material including effects of internal flaws.

A summary of various studies relating compressive strength,
flexural strength and static modulus to pulse velocity values is given
by Whitehurst (20)}. The modulus determined from pulse techniques is
the dynamic material modulus which is invariably higher (10% - 15%)
than the static modulus. An adequate correlation can be established
between the pulse velocity and compressive strength for a concrete in
which the cement, aggregate and mix are constant. However, when
previous correlation is not available, pulse velocity data alone
cannot be considered to provide an adequate quantitative prediction
of concrete strength. The pulse velocity method was also found by
Deere and Miller (5) to be a satisfactory predictor of the deformation
modulus of rock. A simple pulse or compressional wave was generated
in the rock sample which was subjected to a low seating stress of
approximately 150 psi. The measured dynamic wave velocity was found
to have excellent reproducibility and when multiplied by the dry unit
weight of the rock to be correlated to the static modulus of deforma-
tion with a coefficient = 0.929.
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Pulse velocity techniques are often used to determine both the
nature of foundation materials and their spatial distribution beneath
building foundations. Techniques have been developed whereby both
compressive and shear waves can be generated and the velocity and path
of wave travel determined (14). The ability to generate and measure
the shear wave velocity allows calculation of the shear modulus which
is necessary for the determination of the building-foundation-soil
response to seismic input motion.

Since the generated stress wave must pass through both the masonry
unit and the mortar and will be influenced by both, measurement of wave
velocity and wave amplitude attenuation may provide information on the
overall quality of the masonrv. When adequate bond between the unit
and a high strength mortar is present, unimpeded wave transmission
should occcur. However, it would be expected that the presence of
cracks, either gross visible cracks or very thin bond cracks, or a
very soft or weak mortar would result in significant retardation or
reflection of the wave and in significant attenuation of amplitude.

As the placement of the pickup accelerometers and the impacting point
can be easily changed, a masonry wall can be surveyed in vertical,
horizontal and diagonal directions at numerous locations in a struec-
ture. Where access to only one side of the masontry is possible, the
wave velocity measured will be for wave travel in the outer wythe
only. Pickup transducers placed on oppeosite sides of a wall will
measure travel time through a multiwythe wall, thus influence of inner
wythes and collar jeints can be determined.

The presence of reinforcing steel in concrete was found by
Breuning and Bone {4) to occasionally influence readings in concrete.
Reinforcing steel in modern masonry buildings could have the same
influence which is to produce abnormally high velocity values when
the direction of propagation is parallel to the bars. This effect
would require study so that correction factors may be established if
appropriate to do so.

Pulse velocity techniques in geomechanics include the generatiom,
propagation and measurement of shear waves in soils and rocks. From
the measured shear wave velocity the effective dynamic shear modulus
of the material can be determined. Similar techniques, if developed
and applied to masonry, would yield information on the shear modulus
of the intact masonry material. The shear wave is detected by an
accelerometer that is primarily sensitive to transverse motions. When
the accelerometer signal is displayed on a CRT device, the arrival of
the slower shear wave can be distinguished from the faster traveling
P wave.

Equipment to measure mechanical pulse velocity consists of a
hammer with a contact switch and a sensitive accelerometer or accelero-
meters. The elapsed time of wave travel between the accelerometer
can be measured by an electronic counting device or both signals can
be displayed on a dual channel oscilloscope with the time being
measured on the CRT grid. Available devices used for soil and rocks
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studies provide a transit time resolution as close as 1 x 107% seconds
with a maximum time interval of 1 millisecond.

Ultrasonic Pulse Veloeity Method.

In theory the use of ultrasonic frequency stress wave as a non-
destructive test method is based on the same principles as the use of
the mechanical pulse technique. A stress wave of high frequency (20
kHz to 200 kHz) is generated in the specimen by one transducer. A
second transducer acts as a pickup with the elapsed time of wave travel
measured electronically. Use of the higher frequencies are in general
limited to smaller specimens and wall thicknesses.

The path length between transducers divided by the measured
travel time gives the average velocity of wave propagation. Path
length and transit times can generally be measured to an accuracy
of 1 percent. Because the velocity of the pulses is almost indepen-—
dent of the geometry of the material through which they pass and
depends only on elastic parameters, pulse velocity has been a very
desirable technique for investigating structural concrete both in the
laboratory and field. A comprehensive review of the use of ultrasonic
techniques for non-destructive testing in concrete is given by White-
hurst (20) and by Malhotra (9).

The use of ultrasonic velocity techniques (20 kHz) to detect
the presence and to determine the extent of cracks and deteriorated
concrete was studied by Bruening and Bone (4). The effect of a crack
is to decrease both the velocity and amplitude of the stress wave.
By using several different stress paths, patterns of cracking and
deterioration were determined in a bridge pier.

The presence of reinforcing steel in concrete affects the pulse
velocity measurements since pulse velocity in steel is 1.2 to 1.9
times higher than velocity in concrete. Paths may be chosen which
avoid the influence of reinforcement. When this is not possible,
measured values have to be corrected by taking into account the
proximity of the pulse path to the steel, the quantity and orientation
of steel, and pulse velocity in concrete (9).

The foregoing effect would have to be investigated for reinforced
masonry so that the influence of reinforcement over a range of para-
meters can be established. Since the location of reinforcement may
not be known, procedures and equipment for identification of rein-
forcing steel location in concrete would have to be applied to masonry.

Ultrasonic test equipment is available from several commercial
sources. A typical modern piece of equipment is a small battery
powered portable device that can be adapted to tramsducers ranging
from 36 klz to 200 kHz. This device provides a direct digital reading
of wave travel time and provision for CRT disvplay of the wave.
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Vibration Techniques.

A vibration procedure has been applied to masonry structures,
Medearis (10,11). Microvibrations generated in the strueture by wind,
vehicular traffic, etc. are measured using sensitive seismic equipment.
The dynamic characteristics determined experimentally are compared to
those computed theoretically. For simple geometries, and known elastic
modulus and Poisson's ratios, the natural frequencies can be computed
using available theoretical relationships. For large or complex
structures, a finite element model may be utilized to determine the
dynamic characteristics of the structure. In either case, the equi-
valence of the experimental and calculated dynamic behavior becomes a
basis for evaluating the masonry properties.

The microvibration approach would be advantageous since no forcing
equipment is necessary. It has been reported (19) that the approach
produces results essentially similar to high amplitude motion and, as
previously noted, has been applied teo large masonry structures.
However, large amplitude motions will also be induced in the masonry
wall specimens to provide a means for verification of the microvibra-
tion approach.

RESFARCH TASKS

The project consists of two major components., Laboratory
Investigation and Evaluation which are discussed in the following
sections.

Laboratory Investigations,

Laboratory investigations and associated analyses are planned to:

1. Develop experimental procedures and select or medify equip-
ment to maximize consistency of measurement as required for
each NDT method.

2. Assess the capabilities of each NDT method to detect dif-
ferences in masonry due to variations of mortar, units, and
construction.

3. Assess the capabilities of each NDT method to detect flaws
in masonry.

Each NDT method will be applied to cantilever masonry wall speci-
mens built of various combinations of mortar mixes and clay unit
strengths. The mortar mixes and unit strengths used will enable the
NDT methods to be evaluated over a full range of solid clay unit
masonry strength/stiffness parameters.



Companion small~scale subassemblages! will be built and tested to
destruction to establish the strength and stiffness characteristics
of each wall unit-mortar mix type. Three wall specimens and three of
each subassemblage are planned?,

Subsequent to NDT tests, two of the destructive tests proposed by
ABK (24) will be performed., This will enable correlations between the
results of these tests, results of NDT methods, and results on the
prepared subassemblages to be established. Information generated will
be forwarded to the ABK project. The ABK test specimens/methods are
depicted in Figures 1 and 2.

Each well-constructed wall specimen will be tested using each of
the NDT methods. The specimens will be tested at several time points
after initial set of the mortar in order to detect the influence of
curing. Initially, for the purpose of establishing or verifying pro-
cedures and to identify equipment needs and modifications the follow-
ing factors will be considered:

1) sensor placement/orientation,

2) input signal and/or displacement amplitude,

3) surface preparation (as applicable),

4) equipment sensitivity, and

5) repeatibility of data.

Further, wave velocity methods will be evaluated for propagation:

1) vertically,

2) Thorizontally,

3) diagonally, and

4) through the wall,

Subsequently, NDT will be performed on flawed wall specimens,
Flaws, e,g., joint delamination and mortarless joints, will be intro-
duced to the well-constructed walls previously used in increasing

amounts to establish NDT sensitivity and response change. The evalua-
tion of the delaminated collar joint type of flaw will require that

lgubassemblages include compression prisms and shear-bond prisms
built and tested in accordance with procedures used in prior programs
(3,7,12,13), and flexural specimens in accordance with the applicable
ASTM standard,

2The number of specimens of each kind to be built is an estimate,
based upon prior experience, of the minimum number required to

establish reasonable statistical confidence and is subject to revision
after the degree of data scatter is observed,

11-9
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Figure 1, Joint Shear Test
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Figure 2. Joint Shear Test



11-12

special wall specimens be built to assure that flaws of known degree
are present. The factors considered with respect to the well-
constructed specimens will also be considered for the case of flawed
specimens.

Each unique combination of unit and mortar is defined herein to
be a masonry "type". 1In order to systematically establish the effect
of the primary varigbles upon NDT response, specimens will be built
representing the many combinations, for each series, of the variables
presented in Table 1. There will be 12 such combinations, i.e., the
number of masonry "types", Three specimens and three subassemblages
{three each of compression, shear bond, and flexural subassemblages)
are planned which leads to a target total of 36 well-constructed wall
specimens and 108 subassemblages to be bullt. In addition, three wall
specimens containing collar joint flaws will be constructed.

Table 1

MASONRY WALL SPECIMENS

Wall Type: Two wythe, solid clay unit with collar jeint
Unit Strengthl: 3000, 7000, 10,000 psi

Mortar Mix2: © 1:i%i3, 1kl 1:1:6, 1:2:9

Flaws: Delaminated bed joints

Mortarless bed joints
Delaminated collar joint

The wall specimens will be built upon footing sized to provide a
fixed-base boundary condition for the vibration tests. A 35-day
cycle is anticipated for each wall specimen test sequence, associated
subassemblage testing, and other activitiles.

Specific NDT equipment items will be selected for use based upon
market availability, ease of operation, and cost. Equipment will be
selected which is representative, to the extent possible, of generic
type, i.e., highly unique or single-source equipment will be avoided,
if possible. FEquipment to be used includes:

1) Schmidt hammer,

2) oscilloscope (dual trace with camera),

3) accelerometers and mechanical probe timer,

4) geophones,

5) wultrasonic testor,

las determined by the flatwise compression test.

2Proportions by wvolume of portland cement, lime, and sand.
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6) seismic recorder with transducers,
7)Y 8 inch ¢ core drill, and
8) miscellaneous other.

Evaluation,

From the construction, strength testing and NDT evaluation of each
test wall, the following data will be acquired:

Wall Identification
Wall Characteristics
- Mortar strength data
- Unit strength data
- Prism strength (28 days)
~ Prism modulus (28 days)

= Joint shear strength (28 days) using prepared sub-
assemblage

- Joint shear strength (29-30 days) using ABK procedures
(see Figure 1)

NDT Data (data to be acquired at 7, 14, 21 and 28 days after
wall construction)

Schmidt hardness data: mortar
unit

- Dynamic response

Mechanical pulse velocity: vertical direction
horizontal direction
45° angle to bed joint
through wall
shear velocity

Ultrasonic velocity: wunit velocity
vertical velocity
horizontal velocity
45° angle to bed joint
through wall

The use of NDT procedures will allow a significant number of
experimental determinations to be made for each measurement. The
exact number can only be determined after development and evaluation
of each test procedure. Typically, however, 10 to 25 readings might
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be taken for a single test, e.g. ultrasonic velocity in a vertical
direction on a specific wall type at 14 days age, The mean, standard
deviation as well as any non-normal tendency of data will be deter-
mined for each set of readings. These values will be entered in the
master data file. -

The use of standard statistical routines will provide a means to
determine what relationships and their strengths that exist between
NDT observations and the measured strength and stiffness of the masonry
types. Single and multiple regression analysis will be the primary
means to establish the strength of relationships.

A data base file structure will permit regression analyses to
determine correlation factor both for the entire data base and for
selected groups within the data base,

Obviously, many combinations of possible relations are possible.
A major task of the analysis phase will be to ferret out the meaning-
ful relationships that exist between the NDT tests and the strength

and stiffness data. Such relationships should have the following
criteria:

- A sufficiently high coefficient of correlation,
~ A confidence interval (at say a 90% probability) sufficient to
provide adequate prediction of the engineering or design

quantity desired.

- The minimum number of factors consistent with statistical
accuracy.

EXPECTED QUTCOME
The following are the specific results expected from the project:
1) Identification of the equipment required.
2) Experimental procedures.

3) Capabilities of each NDT method to detect the effect of
mortar and unit property variatiomns.

4) Capabilities of each NDT method to detect flaws.

5) DResponse data for each NDT method and expressions describing
the relationships between NDT response, masonry parameter
variation, and flaw degree.

6) Recommendations for further research, if appropriate, to
extend the methodology to all masonry types and in-situ
construction.
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METHODOLOGY FOR MITIGATION OF SEISMIC HAZARDS
IN EXTISTING UNREINFORCED MASONRY BUILDINGS

by: John C. Kariotisl, Robert D. Ewing2 and
Albin W. Johnson3

ABSTRACT: A methodology for the mitigation of seismic hazards in
existing unreinforced masonry (URM) buildings on a nationwide basis

is being developed as part of an ongoing two-vear study program,
sponsored by the National Science Foundation. The resulting method-
ology will be applicable to a broad range of buildings and will provide
analysis methods and procedures for determining (1) seismic hazard and
seismic input, (2) physical properties of URM, (3) requirements for
hazard mitigation, and (4) methods of retrofit and strengthening when
these needs have been established. Cost effectiveness is an important
consideration.

The development of the methodology is based on field surveys that
categorized existing buildings and combined analytical and experimental
investigations. ~ Analytical and experimental investigations used both
computer and physical models excited by selected time histories.

Analysis verification by dynamic testing is discussed. Specimens
for dynamic and static testing are described and procedures are out-
lined. Results to date of methodeology development are presented.
Experimental difficulties encountered in dynamic testing are discussed.
Topics for ongoing research in masonry are presented.

KEY WORDS: wunreinforced masonry dynamic testing retrofit
seismic hazard time histories mitigation

1Prin¢ipa1, Kariotis & Associates, Structural Engineers.

2yice President — Computer Sciences, Aghabian Associates,
Engineers and Consultants.

3Associate, S. B. Barnes & Associates, Structural Engineers.



METHODOLOGY FOR MITIGATION OF SEISMIC HAZARDS
IN EXISTING UNREINFORCED MASONRY BUILDINGS

by:  John C. Kariotisl, Robert D. Ewing2 and
Albin W. Johnson?

IDENTIFICATION OF THE PROBLEM

Building construction using unreinforced masonry (URM) predated
the development of the seismic criteria that guide the design and
construction of present—-day buildings. Many of these URM buildings
are still being used in areas considered seismically active, even
though investigation of earthquake damage has confirmed that this
type of building has been a major contributor to loss of life during
earthquakes. - Yet the cost of rehabilitating URM buildings to new-
construction standards is usually unacceptable.

Today, public agencies and the private sector are becoming more
concerned about the potential for personal injury or death resulting
from failure of these buildings. On the other hand, peolitical juris-
dications struggliing with limited budgets can rarely afford the exten-
sive research programs required to develop rehabilitation standards.

It seems apparent that a system of analysis methods and procedures
is needed for determining realistic hazard-mitigation requirements and
cost-effective methods of retrofit to fill such requirements. Research
that can provide communities with usable tools to meet these goals
have a major impact on cities squeezed between the threat to life
safety and the economic constraints. The developed methodclogy and
standards could reduce the enormous investment now required to make
existing buildings conform to standards for new construction, or
eliminate the economic loss ensuing from demolition.

PROGRAM FOR PROBLEM SOLUTION

In 1977, the National Science Foundation (NSF) initiated a multi-
phased program for the mitigation of seismic hazards. Three of the
responding firms were convinced that methods and techniques could be
developed for economical rehabilitation of URM buildings. With the
concurrence of NSF, the three firms launched separate but interactive
studies under Phase I funding to determine whether an applicable
methodology was feasible (2, 4, 3). Phase I results were promising.

As a result, these three companies, Agbabian Associates, Steve B.
Barnes and Associates, and Kariotis, Kesler & Allys, formed, in 1978, a

1Principal, Kariotis & Associates, Structural Engineers,

2Vice President -~ Computer Sciences, Agbabian Associates,
Engineers and Consultants.

3Associate, §. B. Barnes & Associates, Structural Engineers.
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joint venture to develop and test the proposed methodology (1). Under
NSF Phase II funding, a two-year program has been under way for nearly
one year.

PHASE 1 STUDIES AND RESULTS

The research conducted in Phase I primarily identified trends in
seismic response of the components of URM buildings, and determined
what studies and testing would be necessary to arrive at a methodology
suitable for nationwide usage. A preliminary sampling of existing
masonry buildings was made in representative areas across the United
States. Professional engineers and building officials from these areas
were interviewed. The survey elicited the commonality of building
construction metheods, the range of building dimensions, and the wvarious
usages of masonry materials. '

Analytical studies of a representative structure with a flexible
horizontal diaphragm were made by typical design procedures and
simplified mathematical models subjected to various ground motions.

With current technology, the state of stress in the elements under
dynamic loads cannot be determined within reasonable bounds by typical
static analysis. However, the studies indicated that structural response
of vertical and horizontal elements can be defined for analysis by

simple parameters. We realized that additional research was needed to
formulate procedures for dynamic analysis of these elements.

Prior and current research studies on material properties of
masonry were reviewed to extract generic data applicable to URM. Current
methods of sampling and testing URM buildings were examined to ascertain
whether properties obtained by test can be predictors for the
multiplicity of failure stresses that are related to failure modes.
Gradually, it became apparent that static testing of URM was needed to
determine the wide variation of mortar and masonry unit stremngths. A
requirement emerged for mathematical analysis and dynamic testing of
full-scale unreinforced walls to determine their response to forces
normal to their plane.

It was concluded that test programs related to the recommended
research could furnish definitive data to improve analysis of
undesigned elements. We also emphasized that analysis tec determine the
need for retrofit could be cost effective. Current retrofit and modifi-
cation methods could be applied, and recently developed techniques for
strengthening URM could be implemented.

The results of Phase I were encouraging. We agreed that the Phase I
investigation demonstrated the feasibility of developing a methodology
for mitigation of seismic hazards in URM buildings and had laid a founda-
tion for the more specific objective of Phase II.

PHASE II OBJECTIVES

The objectives of Phase II are four—-fold:
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1. To complete the preliminary Phase I evaluation of the state
- of the art for mitigating the seismic hazards of existing
URM buildings. '

2. To develop a methodology for the mitigation of these hazards.
3. To evaluate the methodology.

4, To outline a utilization plan for disseminating the information
assembled by the research program.

A review panel of professional engineers and architects representing
various sectors of the United States and potential users of the method-
ology is periocdically evaluating the program's direction and content.

RESEARCH PLAN FOR PHASE 1II

The program has been scoped for two major efforts, one dealing with
studies of exdsting data, the other with testing and verification. An
abbreviated version of the research plan developed is given in the
following overview:

Survey and assess current methods of evaluating URM.

Categorize existing URM buildings. :

Evaluate seismic hazards.

Categorize URM damage from past earthquakes.

Assess failure theories.

Select methods of obtaining in-place material properties.

Assess and select analytical methods.

Assess and select retrofit methods.

Expand the data base through an interactive program of tests and
analysis.

This paper reports on several of the tasks in the ongoing study that
combine analytical and experimental investigations for the mitigation of
seismic hazards in existing URM buildings.

SURVEYING AND CATEGORIZING EXISTING URM BUILDINGS

We undertook a qualitative but comprehensive survey of existing URM
buildings to become familiar with the range of structures that could be
analyzed by the developed methodology. This broad range has been
categorized into classes of structures found in all seismic zones or
specific to one or two seismic zones.

By choosing geographic survey areas that have equivalent seismic
zones, we have minimized the number of structures that need to be
analyzed as representative of the nationwide inventory of existing URM
buildings. The three zones selected correspond to classifications
defined by the Applied Technology Council Report '"Tentative Provisions
for the Development of Seismic Regulations for Buildings" (3) and are
associated with parameters of effective peak acceleration (EPA) and
effective peak velocity (EPV), which vary from 0.10 to 0.40 g.
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St. Louis, The South Carolina area, and the New England area have EPA and
EPV equal to 1/4 of the highest mapped. The Pacific Northwest, the Salt
Lake City area, and Memphis have an EPA and EPV equal to 1/2 of the
highest mapped. The geographic area that has the highest mapped ground
motion is the California Pacific Coast. Thege three zones encompass the
full range of seismicity in the United States.

Predominant types of URM structures were photographed during visits
to the seven areas. Interviews with building officials, construction-
materials associations, and architects and engineers furnished data
necessary to classify the buildings by defined occupancy and to further
identify them by common construction methods, which seem to be related
to occupancy class.

The defined occupancy categories include 80 to 90% of the types of
URM buildings in the geographical areas surveyed. When the methodology
is complete, it will be tested by evaluating one or more structures of
each category at each of the levels of seismicity.

For in-depth study, structures representative of the several
categories were selected according to the combination of construction
materials that is common te nearly all seismic zones and the combination
of materials used in a significant number of URM buildings in any single
seismic hazard zone. Categorization of each structure depended on the
data elicited by the following questions:

¢ What kinds of construction materials are combined with URM

: elements?

: What is the size of the structure (height and gemeral plan

dimensions)?

¢ What are the interconnection details of vertical and

horizontal elements?
: Was there a criterion used for lateral load design?

Materials - Construction materials having the most effect on
structural response are those making up the floors and roofs and the
vertical walls (other than URM) that interconnect floors and roofs
Pre~1940 URM buildings have either wood~framed or concrete flocors and
roofs. Interior vertical elements other than URM are conventionally
wood-framed walls with wall finishes of plaster or equivalent material.
In post-194Q buildings, the floors, rocfs and internal partitioning are
generally constructed in a similar manner. However, wood-framed floors
and roofs are sheathed in plywood, not boards. ¥Floors and roofs framed
with steel joists or heams and steel decking topped with concrete are
also common in post-1940 construction. Steel-deck roofs will generally
be covered with insulation board and roofing. Interior partitioning will
probably terminate at the ceiling rather than interconnecting the framing
levels.

8ize - The size of the structures observed ranged from very large
mill buildings more than 600 ft (183 m) long to residences with an end
wall of about 15 ft ( 5 m). The height of the surveyed buildings ranged
from 150 ftr (46 m) high to a single story of 15 £t (5 m). It was
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interesting to note that post-1940 URM buildings are generally no more
than two or three stories tall.

Distribution of URM Walls - The mill and industrial buildings have
URM walls around the total perimeter and relatively uniform penetrations.
Such a building is generally subdivided by fire walls having very few
penetrations, Multiple housing, public buildings, schools and churches
do not have consistent fire-wall subdivisions. Commercial buildings such
as offices and retail stores have few or no URM elements at the lowest
level facing the public ways. TFor most buildings, these elements are not
anchored into a frame that could develcop significant resistance to
lateral displacement. 1In many cases, several stories of masonry above
the street level may be supported on the framework.

Interconnection of Horizontal and Vertical URM Walls - Where wood
framing is combined with URM walls, the beams and joists are usually
anchored to the URM walls. However, a remarkable number of structures
observed have no apparent anchorage at all. The inconsistency implies
that the anchoring of the walls was an elective practice rather than
customary.

Concrete floors are used with URM walls in twe different ways. For
pre-1940 buildings, the concrete floor was generally poured after comple-
tion of the masonry walls below the floor, and the masonry and concrete
are in contact. These connections depend on the interleock of frictional
surfaces. In later construction methods, the concrete frame/floor system
was first completed and the masonry was infilled into the finished frame.

Criterion for Lateral Load Design for Existing URM Buildings - In
general, we have found that these buildings were not designed for earth-
quake resistance, Some allowance for wind loads may have been designed
into the buildings' elements, but development by design of a continuous
load path for lateral load was unusual.

STRUCTURES SELECTED FOR IN-DEPTH STUDY
The structures selected for study comnsist of:

a. Rectangular, six-story industrial building

b. Rectangular, four-story public school

C. Irregular, four-story plus basement public building

d. U~shaped, four-story apartment building

e. Rectangular, six-story and three-story office buildings

£. Rectangular, one-story and three-story industrial buildings

The industrial/mill building will be analyzed twice, with the second
analysis assuming the floor framing to be equivalent to concrete (the
stiffest floor system). The difference in response and performance will
then be compared.

School buildings of URM still have full utilizatien in all zones
except the California Pacific Coast Zone. A high level of life-safety is
required for this occupancy class. The structure selected for study is
one of several that have undergone preliminary evaluation in the Seattle
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area, This particular example, which has also been subjected to two
recorded earthquakes, will be reinspected for confirmation or refutation
of the damage prediction we will derive.

Although the public buildings vary considerably, they share a
complexity of plan and an abundance of exterior embellishment. The
building chosen for study is representative of this type, and the
as-built plans are available for accurate modeling and analysis. Before
this public building is studied in depth, it will be analyzed by a
criterion comparable to that of current codes and the cost of conformance
estimated. The results will be compared with recomstruction costs as
determined by the developed methodology.

The construction materials of the composite apartment building
developed for study will equal those commonly used in all zones.

The three-story commercial office building is typical of all zones
and allows for a desirable comparative analysis for each level of ground
motion. The response and performance of this structure will be consid-
ered when it stands alone and also when several buildings exist within a
commercial block and share party walls. The six-story building is
comparable to those observed in Memphis, St. Louis, and Seattle.

The two post-1950 industrial and commercial buildings will represent
typical buildings observed in the eastern half of the United States.

EVALUATION OF SEISMIC HAZARD

The Applied Technology Council 3-06 report is a state-—of-the-art
tool for describing earthquake ground shaking at various sites across the
United States (3). This design oriented document describes procedures
that can be used with ATC-developed maps and formulas to generate '"design
ground motion'" for a specific site.

The two earthquake ground-shaking regionalization maps that were
developed by ATC are used in accordance with the following ground rules:
(1} the design lateral force should take into account the period of the
structure and the distance from anticipated earthquake sources; (2) the
probability of exceeding the design ground shaking should, as a goal, be
roughly the same in all parts of the country; and (3) the regiomalization
maps should not attempt to delineate microzones.

The intensity of design ground shaking is represented by two param-—
eters. These parameters are called the "effective peak acceleration"
(EPA) and "effective peak velocity" (EPV). The EPA is proportional to
spectral ordinates for periods in the range of 0.1 to 0.5 sec. whereas
the EPV is proportional to spectral ordinates at a period of about 1 sec.
The amplification of ground motion for a 57 damped spectra is 2.5 for
both acceleration and velocity.

Since URM buildings are constructed of undesigned elements that are
believed to have hysteretic or non-period-related response, they cannot
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be analyzed by spectral response méthods. Accordingly, time histories
will be required to evaluate the performance of this class of structure.

Time histories consistent with the design EPA and EPV of the seismic
zones are constructed by scaling recorded earthquakes. A 5% damped
spectrum of the time history is graphed and scaled to match the smoothed
spectrum defined by ATC for the seismic zone.

Each time history will be selected from a library of earthquake
strong-motion records based on geological and seismological information
that includes (1) source magnitude, (2) source distance, (3) source focal
depth, (4) attenuation relationship, and (5) peak acceleration, velocity,
and displacement associated with seismic risk for each city.

CATEGORIZING PAST URM EARTHQUAKE DAMAGE AND FAILURE MODES

Most investigations and reports of earthquakes are quick to report
the dramatic damage and collapse of URM buildings. The published data
have led to the general consensus that all URM buildings are hazardous in
an earthquake. What is also known, but not as well documented, 1s the
fact that some quite similar structures in the same area did not show any
appreciable damage. This became quite apparent during examination of
buildings for failure modes. The following failure modes are based on
observed damage or failure: *

1. Wall collapse due to (a) inadequate anchorage between walls
and floor or roof diaphragms (probably one of the most common
modes of failure), (b) out-of-plane bending failures, (c)
in-plane shear or flexural failure, and (d) excessive
deflection of the diaphragm system.

2. Dlaphragm failures in (a) shear, (b) shear connection to
walls or other resisting elements, (c) horizontal-shear
connection chords (if any), and (d) chords (if any).

3. Excessive deflection of the diaphragm system, causing failures
of interior vertical load systems or rigid, brittle elements.

4. Collapse of parapet, cornice, veneer, and other building
appendages.

5. Differing dynamic response of component parts of complex
buildings.

6. Incipient failure conditions due to previous strains on
structure, such as foundation settlement, deterloratiom, or
previous shaking.

7. Effect of infilled URM wall on building frames.

* Some listed modes of failure were inferred when investigations of the
building systems showed conditions that are not consistent with
present-day methods of seismic design and construction.
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COLLECTING STRENGTH AND TEST DATA

Available test data have been reviewed to determine the extent of
correlation between failure theories and test results. All current
methods of testing existing masonry have been reviewed and compared with
research-oriented testing. Comprehensive studies or major masonry
research and testing programs have yielded valuable information, particu-
larly the ongoing efforts at Berkeley, spensored by NSF and the Masonry
Institute of America, and at the University of California, San Diego.

SELECTING ANALYTICAL METHODS AND COMPUTER PROGRAMS

Nonlinear dynamic response of the following URM building components
will be obtained:
: End walls rocking on their foundations (overturning)
¢ Stability of walls subjected to cut-cf-plane and out-of-phase
motions
Diaphragm response (hysteretic behavior)
Torsional response (plan irregularity)
: Complete structures (all component responses included)

v we

Linear and nonlinear static finite element analyses will be carried
out for correlation with tests on panels, core specimens, and anchorages,
as well as analysis of perforated walls and piers.

The seismic response of a URM building is not well described by the
general methods used for design of new buildings. The URM building
generally has stiff exterior wall elements that do not respond with
ground motion amplification coefficients assumed for the basis of build-
ing codes. The Phase I analysis program (2) determined that response of
masonry walls can be described by their height, height/width ratios and
by the general classification of the soils under the walls.,

An extensive study of all parameters that influence the response of
walls such as seismic response mass that is attached to the wall by
horizontal diaphragms, return walls at the ends of the wall and other
typical conditions will be made to develop bounds of vertical element
seismic response.

ASSESSING AND SELECTING RETROFIT METHODS

The methodology is expected to focus on investigative and analytical
processes that enable a designer to determine whether retrofitting is
needed and, if so, the extent of retrofitting required. From that point,
the details and costs of retrofitting will influence the decision to
proceed with the hazard mitigation or to remove the building.

Depending on the geometry of the existing URM structure, the
accessibility of its varicus components, and the method of original
construction, one or more of several techniques can be considered for
rehabilitation:

: Strengthening of masonry walls

: Adding or improving the anchorage of walls to diaphragms

: Repair and strengthening of diaphragms
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Amelioration of foundation settlement
Addition of shear walls

Removal of upper stories

Parapet renovation

Bracing of nonbearing partitions

6 se e e ee

In ‘the course of our program, all of these methods will be assessed
for both adequacy and relative costs., If innovative methods of retrofit-
ting evolve during the study, they too will be considered. Depending on
the results, certain methods will be selected for continuved analysis,
study, and testing. After completing the testing program of original and
retrofitted construction, cost effectiveness, and performance, we will
evaluate modification of selected systems.

ANALYSIS VERIFICATIONS AND RETROFIT TESTS

This phase of the research program comprises several interactive
series of tests and analyses. The tests of actual, full-scale specimens
will provide basic data on the static and dynamic characteristics of URM
building components and will be used iteratively to correct, refine, and
verify the mathematical models constructed to represent typical URM
components. Our intent is to produce reliable analysis methods for
predicting the behavior of URM building components subjected to earth-
quake ground motions.

Conducting the Test Program ~ The proposed test program consists of
four related test series: (1) test diaphragms, (2) test out-of-plane URM
walls for stability, (3) test sampling methods for determining in-plane
URM strength, and (4) test anchorages.

Testing Diaphragms - The first series will test fifteem basic 20 ft
by 60 ft (6.1 m by 18.3 m) diaphragms (including virgin specimens and
repaired and retrofitted specimens) by static displacement and by dynamic,
in-plane shaking. These tests are being conducted to (a) study the
behavior of diaphragms under earthquake loading, (b) evaluate the
potential effect that the energy—absorption capacity or, alternatively,
the amplification characteristics of these diaphragms may have, (c¢)
assess the effect that various kinds of retrofitted strengthening will
have on the response of the diaphragms, and (d) correct, refine, and
verify the mathematical models of typical building diaphragms existing
in URM buildings.

Ten basic types of diaphragms will be built and five will be retro-
fitted at least once to repalr damage or to augment stiffness. Two
diaphragms will be made of steel decking, five of combinations of plywood,
three of board sheathing applied diagonally, and/or applied straight
across the diaphragm frame.

Testing OQut-of-Plane Walls - The second seriles will dynamically test
22 masonry wall sections 6 ft by 10-to-16 ft high (1.8 m by 3.0 to 4.9 m)
by out=of-plane and out-of-phase motions applied to the top and bottom of
the specimens. Virgin and repaired specimens will be tested.
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Testing unreinforced masonry wall sections in the out-of-plane
direetion is expected to reveal why actual walls fractured by out-of-
plane motions often do not collapse in real earthquakes. It is possible
that the fractured walls remain statically stable and thus are still
capable of supporting compressive loads without collapse. The dynamics
of the phenomenon will be investigated by computer analysis prior to
testing, and the test program will be used to correct, refine, and verify
the computer analysis.

Testing In-Plane Walls - The purpose of these tests is two-fold:
(1) to ascertain methods for determining the strength properties of
existing URM with an accuracy equivalent to the analysis techniques,
and (2) to determine the strengthening of certain types of retrofit. The
tests proposed wilill be limited to brick, concrete block, and hollow clay
tile masonry of thicknesses nominally 12 in (0.3 m), 8 in (0.2 m) and
8 in (0.2 m), respectively. Because of the wide variation in workmanship
and quality found throughout the nation, we expect to limit each basic
type to good, medium, and poor quality masonry.

Testing Anchorages - Values have been established by industry for
various types of anchors in new masonry. Since poor anchorage of walls
to floor and roof diaphragms has been the cause of many failures in
earthquakes, the placement of new anchors in existing URM buildings is an
important part of any retrofit program. Therefore, we will test the
frequently used types of anchors that may be installed in existing
masonry, to determine shear and pull-out values.

RESULTS TO DATE

A schematic presentation of the research plan is shown below.
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Assessment of current methods for evaluating seismic hazards in URM
buildings has been completed. This assessment is that new methods of
evaluation need be developed, Current methods are generally related to
codes intended for design and construction of new buildings. In fact the
Uniform Building Code prohibits URM in certain seismic zones.

Existing URM buildings have been categorized and selection of
structures for study is completed. Analysis of these structures is
post-dynawmic testing of components and retrofits.

Seismic hazard has been evaluated. Time histories of design earth-
quakes compatible with the seismic hazard of geographic zones have been
selected .and are now being used in the dynamic test program.

Categorization of URM damage in past earthquakes has been completed.
Modes of failure have been categorized. The recent earthquake in the
Imperial Valley gave an excellent opportunity to provide verification
of failure modes and non~failure behavior of URM.

Strength data of unreinforced masonry has been collected from
available sources. Methods of testing for determination of strength
properties has been assessed. Field methods of determining in-place
masonry have been reviewed and analyzed. Preliminary analyses of masonry
systems indicate that determination of strength properties required to
compare with analysis stresses is inadequate. The inadequacy is due to
the difficulty of predicting tensile failure stresses from typical com-
pressive or so-termed shear tests. This task of in-place strength deter-
mination is deferred til further static tests of URM are devised and
performed.

Analytical methods and computer programs have been developed and
used to direct the dynamic testing program. This direction only
establishes bounds of dynamic testing and gives insight into instrumenta-
tion requirements.

The dynamic test program for analysis verificatien is now underway.
Diaphragm testing has provided data on stryuctural response, Data
analysis is proceeding. Out-of-plane URM wall testing has been delayed
due to technical equipment problems discussed under experimental diffi-
culties. Due to the currency of this work, the conference presentation
of this paper will provide a review of immediate results.

EXPERIMENTAL DIFFICULTIES

The analysis verification of this program required material testing
performed in a dynamic envircomment. It was recognized in the proposal
preparation that equivalent static analysis as done for new structures
i{s inadequate. These new buildings have inelastic behavior when sub-
jected to design earthquakes. This guarantee of imelastic behavior for
new structures is provided by limitations on construction materials and
construction methods. Structural elements are designed by use of
equivalent static loads to less than yield stress levels for combinations
of seismic and gravity loads, These design techniques are not applicable
to analysis. Analysis of existing buildings must consider the average
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response of the existing materials to a design seismic event. The
dynamic tests must replicate the design seismic event to verify a
computer response model identical to the test structure. Then the
analytical response model can extrapolate the average response of
existing building elements to the variety of construction materials and
building dimensions encountered throughout the United States.

ABK prepared a test plan that described the dynamic and static tests
and solicited price proposals. Responders to the price request were from
the aerospace industry and one testing laboratory. A testing sub-
contractor was selected from the aerospace Industry on counsideration of
price and their background of static and dynamic testing. The cost plus
fixed fee was within cost allowances made in cthe contract with the NSF,
The reporting of costs charged by the testing subcontractor lagged behind
work progress and made an effective cost control program almost
impossible.

The dynamic testing program also has had continuous mechanical
problems that have challenged all available personnel and consultants
within the testing subcontractor's staff. It has been generally
ascertained that testing in a dynamic environment with random motions
such as earthquake simulation is much different from tasks performed
previously in the aercspace industry.

Hydraulic equipment, control systems, instrumentation and general
equipment quality has been refurbished, rebuilt or replaced to run these
dynamic tests. It has been determined that equipment that can perform
in a static c¢cyelic environment cannot be used without extensive rehabil-
itation. The aerospace industry generally tests large size materials
within the elastic range or performs small scale dynamic tests. While
large hydraulic force levels are not required by this program the wall
test setup has been plagued by resonant feedback in the contrel system.
Solution of this problem alone required two months after its discovery.

This dynamic test program is the forerunner for large size material
tests to full scale ground motions and can probably be expected to have
start up problems. The magnitude of these problems could not have been
expected from extrapolation of past problems of the aerospace industry.

FUTURE RESEARCH

Our research to date has given us an understanding of the complexity
of the performance of masonry subjected to combinations of dynamic and
static loads. We have not yet devised methods of inexpensively testing
strength properties of in-place masonry but have reached the conclusion
that for URM the ultimate stress that must be determined is tensicn,
often in a biaxilal state of stress. Tests for ultimate tension stress
have been made, but not with simple field procedures. Tension tests are
easily flawed by test technigqnes. The ultimate temnsile stress determined
by test has typically a wide variation. This variation is reported by
researchers to be associated with workmanship. Research directed to
reduction of the workmanship variable in masonry will be of significant
value for masonry used in new structures. Evaluation of existing masonry
can indirectly benefit from this research. In many seismic zones,
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elastic behavior of URM is limited to elements having excess strength.
Therefore, we have directed our URM analysis to predict the behavior of
URM in a cracked state.

We are directing our continuing effort in developing a methodology
for mitigation of seilsmic hazards in URM buildings. This methodology
will describe analysis methods that can predict probable hazard of URM
rather than attempting to predict initial cracking of URM.
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AN OVERVIEW OF MASONRY RESEARCH IN CANADA
By Plewes, W. Gordon

ABSTRACT: Gives a brief account of masonry research in Canada since 19530
and a survey of projects completed or in progress. Research activity is
shown to have increased greatly in the last decade, particularly at
universities, with the additional benefit that a number of them now offer
lectures or courses on masonry.



AN OVERVIEW OF MASONRY RESEARCH IN CANADA
By W. Gordon Plewes!

INTRODUCTION

My announced topic 1s an overview of masonry research in Canada
today, but, rather than give a bare recitation of research projects, it
is more interesting and meauningful to tell something of how it
developed.

Before 1950, the Canadian Department of Energy, Mines and
Resources had for many years done research into the ceramic properties of
Canadian clays and shales. Perhaps some brick companies had also done a
small amount of work along this line but this was about all the activity
there was that could be construed as masonry research in Canadas From a
structural or constructional point of view it was practically nil.
Although the University of Toronto did some wall testing about 1893, they
appeatr to have soon given this up and along with all the other
universities became much more intetrested in reinforced concrete and steel
for the next half century.

NeR.Cs, Division of Building Research

In 1947 the National Rescarch Council of Canada formed a Division
of Building Research and within a few years, in response to wmany
enquiries and the needs of our housing authority (Central Mortgage and
Housing Corporation), engaged in studies of masonry leakage. The problem
was particularly severe in our Atlantic Provinces where driving rains
occur at certain times of the yvear. (It was not uncommon to find the East
and North walls of houses covered with wood siding as a defense against
such rains).

T. Ritchie undertook this work and over the years extended it into
many areas of masonry materials. He is well known in the industry for
his long list of papers on rain penetration, mortar properties,
durability and soundness, brick properties, efflorescence and durability,
and also for his many contributions to ASTM and Canadian Standards
Association committees.

J+ Ivan Davison joined NRC in 1958 and as the other member of the
team carried on his research along similar lines at the Halifax labora-
tories. His interests have centred around masonry materials and their
performance in Atlantic Canada also starting from the rain penetration
problem, its contributing causes and compatible brick-mortar combinations.
The properties of bricks and mortars have been studies in the laboratory,
as well as in summer and winter site conditions. His laboratory has
participated in many ASTM round robin tests such as that on the sgundness
test for type N dolomitic lime. At present he is studying the expansion
occurring when bricks and mortars are

1Formerly Senior Research Officer, National Research Council, Ottawa,
Canada
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frozen. Davison is also well kunown for his publications and committee
work as evidenced by the fact that he is immediate past chairman of ASTM
Committee £12, Mortars for Unit Masonry.

These researchers have been particularly mentioned to pay tribute
to the fact that their work has been continuous for 30 years. NRC is
also active in other areas such as the fire resistance of masonry where
T. Harmathy is a leader in the field. His work is leading to the direct
design of masonry walls for fire resistance based on the basic properties
of the materials. The 33 years of general rvesearch of the Division into
heat and moisture regimes in buildings is also becoming more and more
relevant to masonry in connection with serviceability and energy.

NEED FOR RESEARCH

In 1965, when engineered masonry was first introduced into the
National Building Code of Canada, governwmeut laboratory work was still
the only masonry research in sight. The responsible committee was very
conscious of the fact that in trying to re—establish masonry as a viable
structural medium, its foundation needed improving. Although research
and experience in Europe had shown that thinner walls and higher stresses
could be justified, we still lacked much knowledge regarding the
fundamental mechanics of masonry. Our materials standards were as good
as any but constructional procedures, quality control and workmanship
habits were inherited from less demanding rule—of-thumb design. To
compensate, we tried to maintain a buffer of conservatism. Soon of
course we were encouraged by the research, technical data and improved
codes produced by the Structural Clay Products Institute, the National
Concrete Masonry Association, the National Bureau of Standards and
others.

Forty years ago there were those who claimed that Canada did not
need a National Building Code or other engineering standards because we
could get along quite nicely copying those of the U.S5.A. and other
countries. This attitude was not followed in our codes but still
prevailed in 1965 so far as masonry research is concerned, which was no
longer tolerable. This is not a nationalistic view for a constant
exchange of technology between countries is highly desirable and
necessary for us. However, it is naive to think that a sound and
advanced masonry industry and good codes and standards can be maintained
without doing something about our own particular problems. The promotion
of modern masonry would in the long run be unsatisfactory without a home
grown back—up of expertise and special knowledge such as enjoyed by
steel and concrete in all regions. It seems incredible now that on at
least one occasion, an industry association in Canada looking for masonry
research could not find any non-governmental source with the interest and
facilities to do it.
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THE LAST DECADE

A little over a decade ago a change hegan to take place. It is
difficult to say just how, because it probably started ian private
discussions and committee meetings. It is certain however that there was
a general feeling that we should do at least some masonry rebearch in
Canada for reasons much as described above.

The new engineered masonry codes produced a spark of interest at -
the universities and about 1970 C. Turkstra at McGill began to look at
the mechanics of masounry.  G. Suter at Carleton began to take an interest
soon after and obtained his indoctrination by spending a year with Prof.
Hendry at Edinborough. :

In 1974 the Alberta Masonry Iastitute received a three year
National Research Council grant under {its Industrial Research Assistance
Programme. The grant was for research into the field testing of mortars
and as one of the coanditions, the work was associated with the University
of Calgary. Extensive sampling and testing was done in the field from a
mobile laboratory and the results have been reported by Huizer, Jessop,
Ward and Morstead.

About the same time the Canadian Masonry Contractors' Association
formed a Canadian Masonry Research Foundation with an associated Canadian
Masonry Research Council consisting of 12 advisors from a cross—section
of engineering, architecture and construction. One of the first steps by
the Council was to canvass themselves and their associates regarding what
they considered important research needs. Twenty—seven were selected
from a long list of topics and written up in a report regarding the state
of knowledge, type of research required, etc. The list is too long to
read here but actually there were few surprises. What the report did do
was provide a good basis for selecting projects and setting priorities.

As with most such organizations, finances are not unlimited but
seven projects and three state-of-the—art reports have been funded to
date. These are regularly monitored by members of the Council.

Another activity was to initiate and support the preparation of a
bibliography on masoary which was undertaken by the writer. This was
considered high priority by the Council because of its intention to
promote masonry reseatch at the universities. It is fundamental that
research should begin with a review of present knowledge but the fact was
that most universities with ample libraries on conerate and steel had
very small holdings on masonry. There were some initial difficulties
getting the bibliography published as it contains almost 6000 references
covering 1900 to 1977. Eventually it was produced by the International
Masonry Institute and is now available.

All in all the Council has done some useful work but its very
existence was perhaps its greatest achievement. It brought to the
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attention of researchers that perhaps the masonry industry was interested
in research after all.

The next significant development, and a turning point in 1975, was
a masonry seminar encouraged by the Council, hosted by McMaster
University at Hamilton, Ontario, and sponsored by the Canadian Masonry
Contractors' Association, the Clay Brick Association of Canada, the
National Concrete Producers Association and all provincial masoary
associations. This seminar was solely for professors from all the
universities across Canada. Most of these had research experience in
other fields but oanly a nodding acquaintance with masoanry. AlL phases of
masonry froum materials through design and construction were covered, with
Jim Amhrien doing most of the ianstruction. His meticulous preparatiocn
and boundless enthusiasm created a great deal of interest with the
academic group and a revelationthat masonry was interesting and offered
something to get their research teeth into. From that time oun research
at the universities grew to the point that 9 universities are now active
in the field.

SUMMARY OF RESEARCH

To avoid tedious repetition, the extant of past and present
masonry research has been tabulated in Table 1. The list is thought to
be quite exhaustive but no doubt somebody or something has becn omitted,
if so, apologies are due. The following comments are offered to bring
out certain points.

1. It will be immediately noticed that in line with previous comments
many of the projects are of fairly recent origin. The number of
persons doing masonry research has grown a great deal in the last 10
years. Figure 1 shows the general trend in man-years. The increase
is from around 12 to over 40, including researchers, students and
technicians. The estimate is conservative to avoid exaggeration.

2. Partly by design and partly by accident there is not too much eoverlap
of effort. Seismic research is naturally done in British Columbia,
an earthquake zone. There is no attempt to duplicate the important
work in California and they are concentrating on a piece of the
problem that bothers bullders in the Vancouver area.

3, Nova Scotia Technical College for obvious reasons is involved in rain
resistance where they are surveying the extent of the problem today.

4, The National Building Code of Canada has, under the chairmanship of
C+ Turkstra, a task group on Limit States Design of Masonry. Many of
the researchers are members. An initial draft LSD standard should be
ready this year. The prime objective was to obtain ultimate strength
analytical models consistent with tests for all types of masonry and
all types of actions. The brief titles listed under McGill and
Alberta do not convey the thoroughness with which this is being done.
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10.

Practical design methods are being compared and evaluated against all
available data. At the moment a stimulating debate is. going on
concerning the relative merits of a modified, convenient,
moment-magnifier method and a more accurate moment— curvature -
method.

Also contributing to development of ultimate strength design is the
work at Carleton on shear and flexure in masonry beams. This is
nearly completed and will be extended to shear wall research,

McMaster has an extensive programme on the mechanical properties of

masonry of all kinds. Over a period of about two years about 1800
specimens of one kind or another were tested.

At CLalgary, background on the creep, shrinkage, thermal and elastic
movement characteristics of masonry is being developed which is badly
needed for serviceability studies and design. Manitoba and
Saskatchewan are starting observations on the behaviour of existing

buildings.

National Research Council research has been discussed except for an
extensive programme being carried out by Maurenbrecher on methods of
test to determine f'm and the determination of reliable values

for most of our common masonry units to form the basis of future
codes.

The National Research Council has an arrangement whereby industry
associations can sponsor a Research Fellow in their laboratories for
3 years. At present J. Kung is there on behalf of the Clay Brick
Association and is studying durability of clay bricks with special
emphasis on determining the conditions in an actual wall., Previously
the National Concrete Producers had a Fellow working on the fire
resistance of concrete block masonry.

An interesting recent development 1is the ecstablishment of a Centre
for Research and Development in Masconry at Calgary. it is under the
wing of the University and the Alberta Masonry Institute and is an
outgrowth of the NRC research grant previously held. Through the
efforts of M. Ward, Head of the Department of Civil Engineering and
E. Jessop who is Research Director, a substantial government grant
was obtained from the Department of Iandustry, Trade and Commerce to
set up the Centre. At the time of writing, a newly established board
of directors had not yet met so 1t is too early to say much more at
this time. ¥Further information will no doubt be forthcoming.

FINANCING

The writer has made a detailed estimate of the growth of masoary

research funding since 1950. Such estimates are always precarious but it
is safe to say that over the years the total value of masonry research
including salaries, operating and overhead has grown from a few thousand



to over a million daollars per year. Again as a pure estimate, about 10 -

15 percent comes from industry, 10 - 15 percent from funds found by the
universities and 60 — 80 percent from public funds expeanded in government
laboratories, grants to iadividual researchers at universities and grants
to industry.

EDUCATION

A quick way to get the results of research into use is through
codes and standards, but this is not enough. Designers and huilders have
to be educated to use masonry well. A spin - off from the growth in
masonry research in Canada has been a considerable increase in the
teaching of masonry at universities. Without going into details at this
time, quite a few engineering schools have managed to squeeze a few
lectures or a whole course on masonry into their uandergraduate
time—-tables. Sevaeral offer advanced courses and degrees in the subject.
Previous to 1970, the words concrete block and brick were seldom if ever
heard in our engineering class rooms.

At the same time, what is even more encouraging is tha: many
technical schools are now offering masoanry courses with about 600 hours
of pre— apprenticeship masonry training. Their course outlines also
generally indicate two other levels, technician and engineering
technologist where masonry construction is part of the course. These
programmes will require time to take effect but should help tou produce
the calibre of job supervisors that modern masonry needs.

CONCLUS N

It is perhaps a lot to hope that masonry rescarch in Canada will
continue to grow at the rate indicated in Figure 1. It has heen a

pleasure however to be able to report that it is now at least at a fairly

creditible level., The quality of the work you will be able to judge for
yourselves when it is reported at the Second Canadian Masonry Symposium
to be held in Ottawa in June of this year.
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STRENGTH OF CONCRETE MASONRY UNDER BIAXIAL STRESSES
. by
Ahmad A. Hamid! and Robert G. Drysdale?

INTRODUCTION

To rationally predict the strength of masonry elements under combined
in-plane vertical and lateral loads, failure criteria for masonry under
biaxial stresses should be established. The available failure hypotheses
(5,9,10) for masonry are related to the failure theories for isotropic
materials (8) such as Coulomb's theory of internal friction, the maximum
stress theory and Mohr's theory of failure. Although it is known that
these theories are not_applicable in a generalized form to masonry they
have been utilized (5,9,10) to predict failure of masonry assemblages
under particular stress conditions. It has been shown (1,2,6) that masonry
strength is highly sensitive to the orientation of stress with respect to
the critical bed and head joint directions. Therefore, the failure theories
for isotropic materials are not applicable for masonry because they were
derived on the basis of the invarient state of stress concept where the
stress orientation has no effect on the strength (8).

At McMaster University, Canada, an extensive research program has been
conducted to study the strength and deformation characteristics of concrete
masonry assemblages under combined stresses. In this regard, failure criteria

are proposed for masonry under biaxial stresses taking into consideration its

lassistant Professor, 8chool of Civil Engineering and Environmental Science,
The University of Oklahoma, Norman, Oklahoma.

2pAssociate Professor, Department of Civil Engineering and Engineering
Mechanics, McMaster University, Hamilton, Ontario.
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anisotropic nature as a composite material. The contributions of the

different component materials to the assemblage strength under combined

stresses are investigated.

APPROACH

At the University of Edinburgh in Scotland, Sinha and Hendry (9)
adopted the criterion of maximum tensile stfess to determine the capacity
of brick shear walls under combined shear and precompression. The pro-
posed approach predicts the shear capacity of the joints but does not
predict the capacity of the assemblage. At the National Bureau of Standards
Yokel and Fattal (10) proposed a failure criterion for brick masonry under
combined stresses adopting Mohr's theory of failure which considers a linear
relationship between the major and ﬁinor principal stresses. The authors
adopted the tensile strength as the apparent major stress at failure when
the principal compression stress is equal to zero. The directional vari-
ation of the tensile strength (5), which is the unique characteristic of
masontry as a composite material, was ignored.

For block masonry, grouting the cores provides partial cohtinuity which
reduces the degree of anisotropy of the composite. At the University of
California in San Diego, Hegemier, et al, (5) suggested interaction
failure envelopes for grouted concrete masonry for zero head joint normal
stress. It was based on the assumption that the failure envelope in princi-
pal stress space is linear in the tension compression zone. This
assumption can only be justified for the case under investigation where
the material combination led approximately to isotropic material behavior
from the macroscopic viewpoint. It is worthwhile mentioning that this
approach offers a solution to the particular case under study and not in a
generalized form to make 1t applicable to the cases where other combinations

of component materials are used.
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In the current study af McMaster University, a different approach (2,4)
is adopted in an attempt to propose in a generalized form, failure criteria
for masonry under biaxial stresses. The failure envelope is expressed as a
function of the basic strength characteristics in the principle material
directions (bed joint, head joint and out-of-plane directions). The failure
theories of anisotropic materials (7) have been utilized with the modification
to account for:

- the possible shear failure along either the bed or head joint

directions and

- the interaction between the shear strength and the normal com—

pression stress.
In thevproposed equations, the stress field is expressed in the orthogonal
material directions since the principal stresses concept is not applicable
for masonry as a nonisotropic material.

The proposed criteria are based on a physical interpretation rather
than being strictly phenomenoclogical. Two modes of failure are considered
with each describing a single mode of failure; a shear failure along omne
of the critical planes (bed and head joint directions} or a tension failure
incorporating the interaction of the block, mortar and grout. The two
criteria for shear and tension failures are to be used to predict the failure
condition for any stress combination; the minimum of which would be the

governing criterion.

CONCLUSIONS

Although the predicted capacities using the proposed failure criteria
indicated better agreement than other available criteria, they are not close
to the experimental results as might be desired. However, failure modes

were predicted accurately and in general it is suggested that the proposed
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criteria have a promising potential since the inherent anisotropic
characteristics of masonry as a composite material have been rationally
considered.

At present, wvork is continuing at McMaster University for the refine-
ment of the proposed criteria to achieve better agreement with the experi-
mental results., An extensive experimental program has been conducted to
check the applicability of the proposed failure criterion for different

loading and material combinations.

RECOMMENDATION
1. The available failure theories for isotropic materials are not applicable
to masonry under biaxial stresses. Attempts should be directed to
develop failure criteria which account for the inherent anisotropy of
masonry as a composite material.
2. The following aspects need to be investigated for establishing a
rational theory of fallure for masonry under combined loading:
a. Establishing universal testing procedures to uniquely determine
the uniaxial strength characteristics of masonry. It requires
the choice of the shape of the specimens so as to eliminate the
effect of the end restrain.
b. The applicability of the theory of internal friction to predict
the shear strength of masonry along the bed and head joint directions
especially under high precompression level.
c¢. The effect of the stresses parallel to the failure plane on the
shear and tensile strength capacity.
c. The applicability of the superposition concept (11) in evaluating
the contribution of grouting to the strength capacity of masonry

under different unidirectional states of stresses.
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e. The effect of aspect ration of the block, percent solid, shape
of the block, thickness of the face shell and partial grouting

on the ultimate strength of grouted masonry.
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SAFETY OF EXISTING STRUCTURES

By Yao, J. T. P.

ABSTRACT: The objective of this paper is to briefly review and summa-
rize the state-of-the-art on (a) system identification in structural
dynamics, (b) damage assessment of existing structures, and (c¢) general
concept of structural identification. The inter-relationship of these
topics with safety evaluation of existing structures are also discussed.
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SAFETY OF EXISTING STRUCTURES
By James T. P. Yao!
INTRODUCTION

Some thirty five vears ago, the late Professor A. M. Freudenthal
published a historically significant paper entitled "The safety of.
structures" (11)?. His stated objective was "to analyze the safety
factor in engineering structures in order to establish a rational
method of evaluating its magnitude". Since then, much progress has been
made in the subject area of structural safety and reliability, The
state-of-the-art as of 1972 was summarized in a report of the American
Society of Civil Engineers Structural Division Task Committee on Struc-
tural Safety (28). Subsequently, members of the same Task Committee
presented a reliability-based design code format to the civil engineer-
ing profession (29). Meanwhile, the theory of structural reliability
has been applied to solve safety-related problems in earthquake, wind,
ocean, aerospace, and nuclear engineering (12). Recently, the relia-
bility-based load and resistance factor design (LRFD) for steel build-
ings is considered to be the prototype for the next generation of
structural design codes in the States (3,8,10,15,16,24,25,37).

Te-date, most studies on structural reliability analysis have been
concerned with the calculation of failure probabilities for certain
mathematical representations of idealized structural systems and loading
conditions. Even for simplified and idealized systems, relatively few
special cases of the structural reliability problem have been completely
solved. Although much improvements and refinements have been made in
structural analysis in recent years, it is still difficult to obtain
precise mathematical representations of the overall structural behavior
in the nonlinear range corresponding to various stages of severe struc-
tural damage. Furthermore, certain significant factors in structural
reliability cannot be evaluated in an objective manner. Consequently,
available results of theoretical and analytical develeopments in struc-
tural reliability cannot be easily applied for the safety evaluation of
complex existing structures.

The objective of this paper is to briefly review and summarize the
state-of-the-art on (a) system identification in structural dynamics,
(b) damage assessment of existing structures, and (¢) general concept of
structural identification. The inter-relationships of these topics with
safety and reliability of existing structures are also discussed.

prof. of Civil Engrg., Purdue University, West Lafayette, IN.

“Numerals in parentheses refer to corresponding items in the
Appendix T. —— References.



Portions of this paper are taken from a recent report by the writer (35).
SYSTEM IDENTIFICATION IN STRUCTURAL DYNAMTICS

System identification refers to techniques which are developed for
obtaining a mathematical representation of a specific physical system
when both the input to the system and the corresponding output are
known (9,27). A general system identification technique consists of the
following three parts: (a) the determination of the form of the model
with certain system parameters, e.g., a set of second-order ordinary
differential equations for the description of the dynamic behavior of a
given mechanical system; (b) the selection of a criterion function using
some means of the "goodness-of~-fit" from the model response to the
measured response, when both the mathematical model and the actual system
are subjected to the same input; and (c) the selection of an algorithm
for the modification of system parameters so that the discrepancies be-
tween the behavior of the mathematical model and that of the actual
system can be minimized.

During this past decade, structural response records with or without
known forcing functions have been collected and analyzed to obtain better
mathematical representations of the dynamical behavior of existing struc-
tures (5,18,20,21,23,26,30). During the first phase of this investiga-
tion, Chen et, al. (5,30) critically reviewed more than 40 references
and tabulated their pertiment information concerning the the application
of system identification techniques in structural engineering. The
linear lumped-parameter models are found to be the most widely used ones
because of their simplicity. Common methods of analysis include the use
of modal expansion and transfer function, and various least-squares
estimation techniques. For nonlinear models, dinvariant imbedding and
synamic programming filters, least-squares filters, quasilinear methods,
extended Kalman filters, and maximum likelihood methods have been used.

By necessity, dynamic testing of structures for the purpose of per-
forming system identification must be conducted at small response am-—
plitudies so that the serviceability and safety limit states are not
reached during these tests. Consequently, the effectiveness of the re-
sulting mathematical model is restricted to the linear or slightly non-
linear range of the structural behavior.

Natural hazards such as strong-motion earthquakes have caused
severe damage to existing structures, and the safety evaluation of struc-
tures under such extreme loading conditions is very impertant indeed.
With the "realistic" mathematical models resulting from system identi-
fication studies, it is possible to simulate the structural response to
such extreme loads and thus to evaluate the serviceability and safety
of the structure under consideration. However, there exists the paradox
that (a) the applicability of most "realistic" models of the structure
is limited to small-amplitude and linear response range, (b) the cata-
strophic loading conditions are likely to cause the structures to
regpond beyond the linear or "mear-linear" behavior which is usually
assumed, and (c)} the severe loadings may cause serious damages in the
structure and thus change the structural behavior appreciably from

15-3
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those in the mathematical model resulting from system identification
studies.

It is important that the extent of damage in structures can be
assessed following each major catastrophic event or at regular intervals
for the evaluation of aging and decaying effects. On the basis of such
damage assessment, appropriate decisions can be made as to whether a
structure can and should be repaired (32,36).

DAMAGE ASSESSMENT OF EXISTING STRUCTURES

The damage of a given structure can be studied both experimentally
and analytically in case of need (4,17). Experimental studies include
either field surveys or laboratory tests. Field surveys include the
determination of exact locations of failed components and other evidences
of distress, the application of various non-destructive testing tech-
niques to the remaining structure, the discovery of poor workmanship and
construction details, and proof-load and other load testing of a portion
of a very large structure. Meanwhile, samples can be collected from the
field and tested in the laboratory for strength and other mechanical and
structural properties. Analytical studies frequently consist of the
examination of the original design calculations and drawings, the review
of project specifications, the performance of additional structural
analyses incorporating filed observations and test data, and the possible
explanation and description of the event under consideration. The state-
of-the-art for damage assessment of existing structures has been reviewed
recently (22,33). Although such general procedures are known to exist,
the detailed methodology, especially the decision-making process, remain
as privileged information for a relatively few experts. Such privileged
information and specialized knowledge are being transmitted to younger
engineers primarily through many years of working experience and the
development of engineering "intuition' and professional "judgement',
which are highly personal and subjective in nature.

STRUCTURAL IDENTIFICATION

The concept of structural identification has been discussed at
various stages of development since 1973 (18, 22, 26,33). Structural
engineers are mainly interested in identifying the damage and relia-
bility functions, in addition to obtaining the equations of motion. On
the other hand, the updated equation of motion using test data and
system identification can be a tool for the estimation of expected
damage and reliability of existing structures in the future.

When a structure is inspected for the purpose of making damage
assessment, a series of tests may be conducted and the resulting data
can be analyzed accordingly. Quantities which can be measured and re-
coreded in testing structures include the load, the deformation (or
strain), and the acceleration. From these experimental measurements,
mechanical properties such as stiffness and strength and dynamic char-
acteristics such as natural frequency and damping can be estimated. 1In
addition, indications of damage such as cracks and local buckling in the
plastic range can be detected visually be experienced inspectors. As



15-5

an example, binoculars have been used by persons looking for color change
in window panes in a certain tall building which indicate the presence of
flaws causing the eventual breakage of window glasses. For metal struc-—
tures which are subjected to repeated load applications, dye-check, ul-
trasonic or x-ray devices may be used to find and measure small and
hidden fatigue cracks which indicate structural damage.

When a structure undergoes various degrees of damage, certain
characteristics have been found to change. 1In testing a reinforced con-
crete shear wall under reversed loading conditions, free vibration tests
were performed to estimate the fundamental natural frequency and damping
ratios (31). Results of these tests as given by Wang, Bertero, and
Popov (31) indicate the (a) the frequency decreased monotonically with
damage while the damping ration increased initially and then decreased,
and (b) the repaired specimen was not restored to the original condition
as indicated by free-vibration test data. Similar results were reported
by Hudson (20), Hilgardon and Clough (19), ui)d Aristizabal-Ochoa and
Sozen (1), among others.

Recently, comprehensive experimental results of dynamic full-scale
tests were obtained for a multi-story building structure (14) and a 3-
span highway bridge (2). Galambos and Mayes (14) tested a rectangular
11-story reinforced concrete tower structure, which was designed in 1953,
built in 1958, and tested in 1976. The large-amplitude (and damaging)
motions were induced with the sinusoidal horizontal movements of a 60-
kip lead-mass which was placed on hardened steel balls on the eleventh
floor, This lead-mass can be displaced up to + 20 inches and the fre-
quency capacity was 5Hz with the use of a servo-controlled hydraulic
actuator, one end of which is fastened to the building frame, The maxi-
mum horizontal force range was + 30,000 pounds. These test results
indicate that the natural frequency decreased with increasing damage in
general, Similarly, Baldwin et al (2) concluded from their testing of a
three-span continuous composite bridge that changes in the bridge stiff-
negs and vibration signatures can be used as indicators of structural
damage under repeated loads.

DISCUSSION AND CONCLUDING REMARKS

Ideally, the behavior of any physical system in given envirommental
conditirns can be described with suitable mathematical expressions. In
reality, however, it is difficult to obtain such a detailed and accurate
mathematical representation for the damagement assessment and reliability
evaluation of existing structures because of the following reasons:

{a) Although the linear and slightly nonlinear behavior of struc-
tures can be successfully analyzed mathematically or numerically, the
analysis of structures through various stages of damaging loading condi-
tions remains to be a challenging problem (14).

(b) Most existing civil engineering structures consist of extremely
complex systems. The classification and identification of damage states
for such complex systems require further studies.
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(c) There exist many factors which cannot be evaluated objectively
in the damage assessment and reliability evaluation of existing struc-
tures.

In current practice, a given structure can be investigated both
analytically and experimentally. Voluminous data usually result from
these analytical and experimental studies, On the other hand, a typical
conclusion that is expected from these studies can be a relatively simple
statement, such as "this particular structure has been severely damaged
by the recent earthquake". For most structural engineers, the various
analytical and experimental procedures in a given investigation can be
readily understood. However, the complex decision-making process sum-
marizing the many results of such an investigation into a simple con-
cluding statement remains as privileged and specialized knowledge for a
relatively few highly qualified structural engineers. Moreover, the
transmission of the precious knowledge of such a decision-making process
to younger engineers depends primarily on many vears of close working
relationships between experienced engineers and their apprentices.

The ultimate goal of the writer is to develope a more direct and
systematical methodology so that more engineers can be trained in a
shorter time period than it is required at present. With this long-term
objective in mind, several approaches were examined following extensive
library research into various aspects of the subject area (5,21,22,30,
33). An attempt was made to obtain a damage function (35). To seek a
rational framework within which the problem can be formulated, the
theory of pattern recognition was considered (13). 1In additiomn, an
exploratory study of the theory of fuzzy sets was made for possible
applications in finding decision functions (34). Preliminary results
of analyzing available test data are also presented (6,7).
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Working Group Number: I
Topic: Design Technology Research: and Development
Co-Chairmen: Daniel Shapiro®
Richard Gensert “(not present
during Group Meating)
INTRODUCTICN
Two working groups were held to discuss ideas concerning research
and development priorities for the coming decade which are important
to masonry design technology. Stirulated by presentations during the
previous two days which described mascnry research recently completed,
in progress or contemplated, each group spent about 45 minutes brain-
storming the subject. Both groups followed similar paths of reasoning.
The results noted are derived by combining their conclusions.
CCHNCLUSTONS
There was an emphasis on the need to develop the background informa—
tion required for rational design by consistent mathmatical wmethods which
would lead, in turn, to ultimate strencth desicgn of masonry.
Specific subjects cited were:

1. The determination of the true stale of stress in masonry elements
under various loading conditions.

2. Validation of W/t limitations

3. Serviceability considerations

4. Strength superposition concepts

5. Dynamic techniques including wind resistance considerations.

6. Fixity conditions at connections such as between walls and floor

Istructural Engineer, Shapiro, Okino, Hom and Associates, San
Francisco, CA

2structural Fngineer, Censert, Peller and Associates, Cleveland,
on
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Topic: DESIGN TECHNOLOGY RESEARCH AND DEVELOPMENT

Co-Chairmen: Daniel Shapiro and Richard Gensert

7. Termal and moisture caused stresses and deflections
8. Shear in composite walls

A second important area for study included the physical characteristics
of various combinations of materials. Topics cited were:

1. Bonding - Reinforcing steel to grout
- Masonry units to grout

2. Use of high stress reinforcing

3. large diameter bar reinforcement in limited grout spaces as
related to bond and bar development

4. Control and expansion joints

5. Quality control and degree of safety desired as they affect
design

6. Differential movement caused by creep and thermal effects

7. Weather proofness of structural elements. Deterioration due
to moisture

The third group of suggestions for study were in the general area
of quality control. These included:

1. Tests required to determine true strength inter-relationships

2. Validation of prism testing techniques as a means of establish-
ing strength - Effect of geometric characteristics on test results

3. Effects of competent inspection on strength

4. Location control on reinforcement. Importance.
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Working Group Number : TIT

CONSTRUCTION TECHNOLOGY RESEARCH
AND DEVELOPMENT

By Howard Noziskaland Walter Dicky?

The construction phase is where common sense, knowledge
and experience must be present to insure project sucess,
It was the feeling of those attending this workshop that
education and research 1s needed on many specific topics.
The fellowing is a summary of those discussed.

1. Quality Control by Professional Inspection

d.

The ability of the on-site inspector to insure
proper construction procedures could be measur-
ably improved by the availability of an "In-
spectors Manual"., This manual should be written
in language that could readily be applied to the
field situation., It was also felt that educa-
tion and registration play an important part

in providing guality control, assurance.

A complete review of the field test methods
should be conducted to qualify and quantify
them, Examples of such inspection methods
are as follows:

1. Masonry unit inspection such as the "Initial
rate of absorption”

2, Magnetic reinforcement finder
3. Aggregate grading funnel

4, Aggregate moisture content test
5. Mortar flow tests

Critical points to be covered at a precon-
struction conference, and the need to con~
tinue to c¢larify code provisions were also
determined to be important considerations,
In addition the posgibility of limiting un-
inspected masonry construction should be
addressed,

l, Executive Director Minnesota Masonry Institute, Mpls. MN,

2. Consulting Engineer, Los Angeles, CA.
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Construction Detailing

a‘

An area thought to be critical is the connection
of floors and roof to walls, Of particular con-
cern was the construction feasibility and in use
performance. This should be answered for both
reinforced and non-reinforced masonry construction.

Expansion joint and contraction joint configuration
and spacing is of concern., Guidance as to types

of materials and construction technique also should
be considered.

The veneer wall relating to the use of relieving
angles as opposed to no horizontal joints should
be investigated. Numerous climatic conditions

should be included to complete the investigation.

Wall Bracing Techniques

a,

b,

d.

A need to develope field guidance to prevent blow
over or collapse is evident.

The provisions necessary to provide adequate sup~-
port when the construction project is at an inter-
mediate stage sould be developed., It is recom-
mended that these requirements include consideration
of the wall bracing necessary for the short term

as well as for long term support.

Professional responsibility should be established
for these provisions,

Methods should be developed to test anchorage cap~
acity on the wall and at the base.

Grouting Techniques

a.

The puddle method as contrasted with the vib-
rating method of installation deserves further
investigation.

Limitations and technique to high lift grouting
as compared with the low lift method should be
determined and illustrated.

Aggregate size and gradation affects on the
characteristics of the grout should be reviewed.

'Placement of the reinforcing to insure coverage

should alsoc be investigated.



Reinforcement Concerns

a.

An investigation of reinforcement bar size limit-

ations in the space available should be initiated,
Along with this the proximity and size of anchors

need to be reviewed and provided to the construct-
ion industry.

Methods to hold reinforcing bars specifically in
the designed location should be investigated.

When footing dowels are to match vertical wall
reinforcement the proper method (direct or in next
cell) needs to be researched.

The spacing of vertical wall steel is an important
factor in the production and workmanship on the job,
Some guidance as to what that spacing might be to
accomodate the mason would certainly be beneficial.

Additional Topics of Concern

a.

b'

C.

Development of testing methods to determine the
value of waterproofing materials and workmanship
would be advantageous,

A method to measure the strength of mortar as re~
lated to time after mixing should be developed.

A method to determine the value of the corrosion
resistance factor of anchors and ties is needed,.

17-3
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Working Group Number : ITI
Topic: Materials Technology Research and Development

Co-Chairmen: J. Gregg Borgcheltl
Michael Ward?

INTRODUCTION

This summary of research needs of masonry materials was developed
by participants at the Conference on Masonry Research in Progress.
Two separate sessions with contributors of various backgrounds were
held. This report contains the findings of both sessions. Common
subjects have been grouped together and the subjects are listed in
order of rated importance with the first felt most needed. Masonry
materials include units, as well as mortar and grout and their com-
ponents, ties and anchors, and masonry assemblages.

RESEARCH DIRECTIONS

Testing Procedures - Existing test methods and specifications for
physical properties of all masonry materials need to be analyzed.
Coefficients of variation for the different material properties and
number of samples need to be determined to provide a measure of in-
dividual test accuracy. A handbcok detailing testing procedures
should be written to lead to more reliable reproducibility. Certi-
fication of testing laboratories, through a series of refereed tests,
would aid in obtaining consistent results. It would then be possible
to establish a data base for statistical analysis and a confidence
level for design.

Unique test methods need to be developed to determine the physical
properties of materials. Such tests would be independent of unit
geometry or source of material. A test method which would provide
a measure of the workmanship of masonry prisms, as a opposed to materials
quality control, needs to be developed. Most failure modes in masonry
are induced by a tension failure. A test for tension and its relation
to other physical properties should be developed.

1 Executive Director, Masonry Institute of Houston-Galveston,
Houston, Texas

2 professor of Civil Engineering, University of Calgary, Calgary,
Alberta, Canada
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Ties and Reinforcing - The effects of corrosion on metal ties,
anchors, and reinforcement need to be examined. The value of corrosion
resistant coatings in various environmental conditions need to be
determined. The amount of cover provided by mortar, grout, and masonry
units to protect metal items in masonry is unknown.

Design values for pullout and compression of various ties are
needed. Performance of existing tie size and spacing, especially
for cavity walls, should be evaluated. Bond and pullout of
reinforcing in mortar and grout need to be tested.

Metal Studs - The effect of the relative thickness of metal studs
serving as back-up for masonry veneer needs to be evaluated. Load
distribution and deflection criteria must be established. Loss of
load carrying capacity due to corrosion of the tie/stud connection
and the stud/floor or beam connection must be investigated.

Compatibility - The use of the proper mortar and brick combinations
was recognized as a key factor in good performance of masonry. Proper
bond between these two materials alleviates many potential problems.
However, no adequate means of determining mortar/brick compatibility
exists. The factors influencing this elusive property of masonry
must be identified and a simple means of attaining compatibility
achieved.

Additives and Coatings - A variety of additives are available
for mortar and grout. These include materials which serve as colors,
air entraining or water reducing agents, traditional material
substitutes, accelerators, retardants, and cold weather aids. The
effect of these additives on the durability and performance of mortar
and grout and on the items embedded in mortar and grout must be
known before they can be used,

Masonry unit manufacturérs are experimenting with substitution of
materials in the production of their products. Sawdust or coal is
mixed with clay to reduce firing requirements, aggregate used in
concrete masonry units may change from outside influences. The
properties of the resulting units must be thoroughly examined.
Existing specifications may nct be adequate to provide sufficient
durability.

Clear coatings are often applied to masonry walls to reduce water
penetration. Little testing has been done to determine the properties
these coatings should have to provide this water penetration
resistance without causing damage in the masonry.
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The remaining topics were felt to be of interest and should be
examined:

-The majority of mortar testing is oriented to wall construction.
Properties of mortar to be used in paving applications need to
be determined.

-The best geometric configuration of cores in hollow brick to
reduce bursting due to grout expansion.

-The effect of the age of cement on mortar and grout properties.
-The substitution of mortar for grout.

-Air penetration of walls.

-Water permeance of mascnry units.

-Wet seive analysis of mortar.
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WORKING GROUP NUMBER: IV
COMMUNICATION AND COOPERATION
AMONG
MASONRY RESEARCHERS, RESEARCH CONSUMERS AND RESEARCH SPONSORS

By E. L. Jessop1 and J. E. Amrhein®

PREAMBLE

The authors were co-chairmen of a discussion group seeking ways and
means of effectively communicating the results of research to design and
construction personnel, fostering cooperation between researchers working
in different laboratories and bringing together researchers and research
sponsors (industry and government) to jointly identify research needs.

This paper is based on the comments and ideas that were forthcoming
from the group.

COMMUNICATING THE RESULTS OF RESEARCH
TO THE RESEARCH CONSUMER

‘ The most effective means of communicating the results of research
to the research consumer, i.e. design and construction personnel, are
(in descending order of value, according to the participants):

1. Using the results to effect a code change. Since codes ought
to reflect current knowledge, this is the most obvious way to communicate
the results. It was recognized that the process of bringing about a
change in any code is time consuming. Further, it was recognized that
"Authorities having jurisdiction' would be negligent in accepting
approaches to design and construction practice that were outside of the
code unless (a) the proponent of the new approach was known to be
competent and would accept the responsibility that goes with operating
outside of the code, and (b) 'adequate" research evidence was submitted
to support the new approach to be adopted. Subject to the preceding
requirements being met in a particular instance it was suggested that
approval might be given on the basis of a code change only being made at
a later date after satisfactory in-situ performance had been demonstrated.

Director Gemeral, Centre for R & D in Masonry, Calgary, Alberta,
Canada

“Director of Engineering, Masonry Institute of America, Los Angeles,
California, U. S. A.
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Under item (a) the propecnent can obviously only be the designer;
Under item (b) the responsibility for providing "adequate" research
evidence should probably be a committee, which includes the researcher.
Further, the committee should operate under an 'umbrella' organization
to give it stature. The Masonry Society was suggested as the organiza-
tion which should accept this responsibility.

2. Presenting the results at technical meetings. It was pointed
out that there have been several major meetings held over the last ten
years and each has resulted in a publication.

Major meetings include: International Brick Masonry Conference
(U.8.A., 1967 ; England, 1970; Germany, 1973; Belgium, 1976; U.S.A., 1979):
Load-Bearing Brickwork (British Ceramic Society, England, six conferences);
First and Second Canadian Masonry Symposiums (Calgary, 1976; Ottawa,

1980); North American Masonry Conference (Boulder, Colorado, U,S.A., 1978).

To ensure that researchers publish their work as expeditiously as
possible the suggestion was made that the Research Sponsor (frequently
the National Science Foundation) require that the results be reported at
a conference of the Research Sponsors choosing.

NOTE: It is of interest that in Canada, the Canadian Masonry
Research Council recently commissioned three state-of-the-art reports on
masonry topics and made it a condition of the Masonry Research Foundation
of Canada grant that the reports be presented at the Second Canadian
Masonry Symposium to be held in Ottawa, Ontario in June, 1980.

A further suggestion was made that the highlights of each technical
meeting be made the subject of a slide/tape cassette presentation which
could then be made available to interest groups across the continent.
Once again, The Masonry Society was suggested as the organization which
should perform this important task.

3. Writing articles in recognized technical journals. There are
numerous such journals, i.e. Journal of the American Society of Civil
Engineers, Structural Division, Journal of the American Concrete
Institute, Canadian Journal of Civil Engineering. If, however, a
researcher wishes to communicate with the contractor he may submit
articles to "Masonry'; if he wishes to communicate with Clay Manufac-
turers he may submit articles to "Brick and Clay Record". And so on.

Not all issues of , say, the American Society of Civil Engineers
contain articles on masonry topics. An article written in 'Masonry'
on a construction topic may be of interest to a designer.

What is needed for the masonry industry is a recognized technical
journal to which all who have an interest in masonry may subscribe.
‘The Masonry Society has looked at the possibility of producing such a
journal, and are still considering doing so. However, a journal has
already been started, The International Journal of Masonry Construction,
published by United Trade Press, England. With an editorial board
under the general editorship of Professor Arnold Hendry of the University
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of Edinburgh, Scotland, U. K., the Journal fulfills the need outlined on
the previous page.

4. Writing textbooks, on the basis of research results, for use in
undergraduate and continuing education courses of engineering at
universities and technical colleges.

While low in priority, because such an endeavour is inevitably time
consuming and the process of education a slow one, this means of
communication was nevertheless recognized as a very valuable one.

While there is nothing revolutionary in these recommendations for
communication, each has its merits and drawbacks and obviously all
should continue to be used. Of particular interest, however, was the
recurring theme, particularly in the first three items, that some
organization should accept responsibility for coordination - and that
organization should be The Masonry Society.

COOPERATION BETWEEN RESEARCHERS

Cooperative research programs, where several researchers working in
different laboratories work on different aspects of the specified project
according to their particular expertise and available facilities, were
deemed to be generally desirable.

It was recognized that the sharing of ideas among potential
participants in the planning stages of such a research program is
extremely important. Two means of sharing ideas were discussed:

1."Invite prospective researchers to a specially convened meeting
to discuss required research: this implies the need for a coordinating
organization which can take the necessary initiative. The Masonry
Society could fulfill this role. Such an organization would maintain
an interest in any cooperative program established by this means, but
the researchers themselves would be responsible for the program,
acquisition of the necessary funds and the communication of the results.

2. Solicit proposals on particular topics in need of research and
select from among the submissions those which best fit the concept of a
cooperative program: this implies the need for a research oriented
committee which not only defines the topics but also acts in a '"management"
role and as a ""go-between' the researcher and the research sponsor.

NOTE: Such committees are, in fact, already established. The
Canadian Masonry Research Council was created in 1975 to fulfill this
role and a Research Advisory Committee to the Masonry Industry Council
was established in 1979 in the U. 8. A. for the same purpose.

Perhaps The Masonry Society should seek to have a voice in the
Masonry Industry Council?
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In any event it must be recognized that cooperative research
projects don't just happen: they require considerable expenditures of
time and effort on the part of an organizing body, and that body should
either have the technical "know-how™ itself or have access to an
advisory committee of technical experts.

COMMUNICATION AND COOPERATION
BETWEEN RESEARCHERS AND RESEARCH SPONSORS

Researchers are always seeking funds and, it has to be admitted,
do not always prepare their case adequately. In ignorance, because of
a lack of information readily available to them, much duplication of
effort does occur.

Research sponsors, on the other hand, particularly of the industry
variety, have a tendency to be somewhat parancid about the dangers of
"re-inventing the wheel'.

The participants felt that the only way to overcome these two
problems would be to annually convene '"Research Planned" conferences -
a step before '""Research in Progress' conferences - to which researchers,
(possibly), research consumers and research sponsors could be invited.

ROLE OF THE MASONRY SOCIETY

The Masonry Society was created in 1978, modelled after the World
renowned and highly successful American Concrete Institute. Its
uniqueness vis-a-vis existing masonry organizations is that its member-
ship is open to all who have an interest in masonry, be they product
manufacturers, contractors, union and non-union bricklayers, designers,
researchers, educators and even the general public if they so desired.
Further, the Society's interest embraces all types of masonry, be it
clay, concrete, stone or other. No other masonry organization in
existance in North America can make this claim - most, if not all, do
not include researchers, designers and educators who are the new blook
this industry so desperately needs. Indeed, the vast array of research
talent and facilities housed at our Universities has largely been
ignored by the masonry industry in the past in preference for confining
their industry groups' technical activities to their own in-house
laboratories and offices from which they can control what is published.
The Masonry Society, unlike the secret societies of free-masons in
history, holds forth the promise of openess, which is an essential
ingredient if technical progress is to be achieved.

The participants, without dissent, recognized the value of such a
Society and identified roles it could play in promoting effective
communication and cooperation among researchers, research consumers and
research sponsors.



CLOSING REMARKS

In this paper the authors have not only attempted to synthesize
the comments and ideas of a group discussion into a presentable format
but have gone further, and included their own interpretation and views
on this important subject.
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